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Foreword 
The five papers contained in this RECORD are directed to a 
variety of subjects of interest to those involved in research, 
design and construction of highway structures. 

The first paper summarizes th results of a research proj
ect on the behavior of longitudinally stiffened plate girders 
subjected to pure bending and to high shear. In both loading 
cases, C0ope1· found that substantial increase in strength was 
achieved through the use of longitudinal stiffeners. The study 
was limited lo static strength of symmetrical members. The 
requirements for proportioning and positioning of the stiffeners 
are also discussed. 

Fatigue strength of hybrid plate girders under constant 
moment was studied by Lew and Toprac. The objects of the 
research were to determine the manner in which thin web 
hybrid-girders fail when subjected to repeated loads and to de
termin whal factors influence the fatigue strength of this type 
of girder. Tile results led to the conclusion that fatigue cracks 
occurred within 2 million ycles if the applied stress ex ed d 
the yield point of the web material. Web flexing action and 
fluctuating membrane str sses were the factors found to cause 
fatigue failure in the web. Specimens were tested at several 
stress levels and ranges. 

In the third paper a computer program for the analysis of 
folded plate slructures of general form was used to study the 
lateral distribution of load in simple span composite box girder 
bridges without transvers diaphragms or internal stiffeners. 
Johnston and Mattock used the results to develop simple ex
pressions for the loads carried by the interior and exterior 
girders in this type of bridge. The accuracy of the analysis 
was confirmed by the results of a quarter-scale model of a 
two-lane, 80-foot span bridge supportecl by three box girders. 

The ne ct for a low-cost rapidly erected short-span bridge 
unit J1as r esulted in the development of a conceptual design Ior 
a prefabricated composite unit consisting of a concrete deck 
connected by horizontal studs to two inverted steel T-beams. 
McDermott presents in this paper design curves and details 
for spans from 30 feet to 80 feet. He concludes that such a 
bridge unit is both structurally adequate and economical. 

The final paper presents an abridgment of a study to deter
mine the bearing capacity of piles by dynamic m thods. Recent 
developments in electronic instrumentation make it possible 
to record a celeration and force near the top of a pile. Goble, 
Scanlan and Tomko present a theory relating these dynamic 
measurements to static ca.pa ity. Good correlation was found 
to exist between static capacity as determined by load tests 
and static capacity as determined by the proposed theory. 
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The Contribution of Longitudinal Stiffeners 
To the Static Strength of Plate Girders 
PETER B. COOPER, Research Assistant, Lehigh University 

This paper summarizes the results of a research proj e ct on 
the behavior of longitudinally stiffened plate girders subjected 
to e ither pure bending or high shear. Analytical and experi
me ntal studies were conducted to determine the increase in the 
static strength of plate girders due to the presence of longitudinal 
stiffeners . Requirements for positioning and proportioning 
longitudinal stiffeners are also discussed. 

•THE provisions in the AASHO specifications (1) for dete rmining the proportions of a 
plate girder web and the location and size of web stiffeners are primarily based on 
stability considerations, i.e., the theoretical web buckling stress is the crite rion for 
failure or limit of usefulness. However, because of a redistribution of stress in the 
web and the supporting action of the flanges and stiffeners which frame the web, the 
maximum load which a girder can sustain is considerably higher than the the oretical 
web buckling load (2). In many cases where plate girder design is based on web 
buckling theory, the existence of post-buckling strength is tacitly recognized by the use 
of a low factor of safety against web buckling (3 ). 

In this paper the type of stress r edistribution which occurs in a plate girder web is 
discussed for the separate loading cases of pure bending and high shear. In particular, 
the effect of a longitudinal stiffener on the stress redistribution is de scribed for these 
two loading cases. 

When investigating the influence of longitudinal stiffeners on the behavior of plate 
girders, it is helpful first to study the behavior of transversely stiffe ned plate girders 
(2 , 4, 5 ). Based on this information and observations of the behavior of longitudinally 
stiffened test girders, the effect of longitudinal stiffeners can then be explored. 

BENDING STRENGTH 

The behavior of transversely stiffened plate girders subjected to pure bending can 
be described using the test data on lateral web deflections and bending stresses shown 
in Figure 1. Shown in Figure la are the web deflection patterns measured at three 
different test loads. The web deflections increased continuously in the upper half of 
the girder, which was subje cted to compressive bending stresses. There is no indica
tion of a sudde n change in the magnitude of the deflections such as would be expected 
according to web buckling theory. 

Another illustration is provided by the curves of bending stress distribution (Fig. lb). 
The dark lines represe nt the measured stresses and the light lines r epresent the 
linear stress distributions computed from conventional beam theory (a= My/I). In 
the lower portion of the web, the measured tensile stresses correspond very closely 
to those predicted by beam theory; however, due to the increasing lateral web deflec
tions in the compression zone, a redistribution of compressive stresse s from the web 
to the compression flange occurs. The stresses in a significant portion of the web 
between the neutral axis and the compression flange are essentially zero; the com
pression flange and a portion of the web adjacent to it carry stresses which exceed 
those predicted by beam theory. 

Paper sponsored by Committee on Steel Superstructures and presented at the 46th Annual Meeting. 
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Specimen LBI 

d/D = 1.0 D/t = 444 

L---L______J 

0 5 IOksi 

D=55" 0 0.05'' 0.1" 

-- Measured 

- - Beam Theory 

(a) Lateral Web Deflections (b) Stress Distributions 

Figure l. Test measurements on a transversely stiffened girder . 

• tJ.. flange stress reduction formula has been ::iclopted for transversely stiffened 
girders to compensate for the inc r ease in compression flange stress above the beam 
theory stress due to the stress redistribution (4). The magnitude of reduction is a 
function of the web slenderness ratio since the extent of the stress redistribution in
creases with higher slenderness ratios. 

A longitudinal stiffener placed in the zone between the neutral axis and the compres
sion flange reduces or completely eliminates lateral web deflections and thus has a 
significant effect on the stress redistribution described. This effect is illustrated by 
the web deflection and bending stress distribution data (Fig. 2). The test girder in 
Figure 2 was essentially identical to that in Figure 1, except for the presence of a 
longitudinal stiffener located Y6 of the web depth from the compression flange. Be
cause of the presence of the longitudinal stiffener, the extent of the increase in lateral 
web deflections shown in Figure 2a is substantially smaller than that shown for a 
transversely stiffened girder (Fig. la). 

Further information on the influence of longitudinal stiffeners on bending strength 
can be obtained from a comparison of the stress distributions in Figures lb and 2b. 
Although the initial web deflections of the longitudinally stiffened specimen caused the 
bending stresses in the web to deviate somewha t from the linear beam theory distribu
tion (Fig. 2b), a redistribution of stress from the web to the compression flange of the 
type shown in Figure lb is not evident. Beam theory could be used to predict ac
curately the compression flange stresses for the longitudinally stiffened girder. 

From this discussion it may be concluded that if a suitably positioned and pro
portioned longitudinal stiffener is used, beam theory can be used to predict the com
pression flange stresses. In this case a flange stress reduction is not necessary. 
Thus, by preserving the beam-type action the longitudinal stiffener will have a signifi
cant and beneficial effect on the bending strength. The percentage increase in the 
bending strength due to the longitudinal stiffener is shown in Figure 3 as a function of 
the web slenderness ratio and the ratio of the area of the web to the area of the flange, 
Aw/ Af. For the practical range of Aw/ Af between 0. 5 and 2 and with a web slenderness 
ratio of 400, the increase in bending strength varies from about 6 percent to 30 percent. 

A longitudinal stiffener should be located 1/s of the web depth from the compression 
flange to be effective in controlling the stress redistribution under pure bending (~). 
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Figure 2. Test measurements on a longitudinally stiffened girder. 
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This is the position specified in the AASHO specifications (1 ). Requirements for pro
portioning longitudinal stiffeners are discussed in a separate section of this paper. 

The bending strength theory described in this paper has been checked with the 
results of tests included in this program and tests conducted by others (6). The web 
slenderness ratios of the test girders ranged from 299 to 407. The ratios of the ex
perimentally obtained ultimate loads lo the ultimate loads predicted by the theory 
varied from 0. 94 to 1. 02 with a mean value of 0. 98. Due to the presence of the longi
tudinal stiffeners the ultimate loads of these test girders we r e increased from 14 per
cent to 26 perce nt. The correlation of the bending strength theory with the test results 
is shown in Figure 4. Bar graphs are used for the ratio of the predicted ultimate load 
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Figure 3. Increase in bending strength due to a longitudinal stiffener. 
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Figure 4. Correlation of bending strength theory 
with test resu Its. 

puth to the yield load Py and the ratio of 
the experime nta lly obtarned ultimate load 
Pu ex to the yield load. The test results 
indicate that a substantial increase in 
bending strength can be achieved by using 
longitudinal stiffeners, and that the theory 
provides a reliable estimate of the actual 
bending strength of longitudinally stiffonod 
plate girders. 

SHEAR STRENGTH 

The type of shear panel which will be 
considered in this section is shown in Fig
ure 5. The panel consists of a rectangular 
portion of the web bounded by the flanges 
and transverse stiffeners. It is assumed 
that the moment present on any sect ion in 
the panel is small so that the shear 
strength of the panel can be studied in
dependently. 

An element subjected to pure shear 
stresses T is shown in Figure 6a. These 
s tress es correspond to the principal 
stresses shown in Figure 6b, where the 
tensile principal stress u1 is numerically 
equal to both the compressive principal 
stress a2 and the shear stress T. The 

state of stress shown in Figure 6a is the type usually assumed in simple beam theory; 
in the following discussion it will be referred to as "bea.m action shear." As the shear 
force on a plate girder panel is increased, a stage is reached where the compressive 
stress a 2 can no longer increase as rapidly as the tensile stress cr1 because the web 
deflects laterally. For an ideal panel which is initially perfectly plane, this stage 
starts when the shear force reaches the critical value predicted by plate buckling 
theory. The stress in the direction of the tension diagonal continues to increase as 
the applied shear force increases beyond the critical shear force. A field of tensile 
stresses of the type shown in Figure 6b develops, and it is the source of the post-buck
ling shear strength of the panel. This state of stress is termed "tension field action 
shear." 

Evidence of stress redistribution from the beam action type to the tension field 
action type in a plate girder web is shown in Figure 7 -a photograph of a longitudinally 
stiffened test girder after it has been subjected to the ultimate shear force (7 ). The 
diagonal yield line patterns indicate the development of separate tension fields in the 
subpanels formed by the longitudinal stiffene r. 

Based on observations of test girders and the shear strength theory developed by 
Basler (5), the tension field model shown in Figure 8 has been used to estimate the 

I 
v 

- shear strength of longitudinally stiffened 
plate girders (6). The following assump

Shear v 
Panel 

0 t 

Figure 5. Typical shear panel. 

tions were used: 

1. The ultimate shear strength of a 
longitudinally stiffened panel is the sum 
of the shear strengths of the two subpanels; 

2. The shear strength of a subpanel is 
the sum of the beam action contribution 
and the tension field action contribution; 

3. The beam action contribution is the 
shear force carried by the web at the 
theoretical web buckling stress; 



-
(a) Beam Theory Shear Stress 

(b) Tension Field Stress 

Figure 6. Stress states in a plate girder web. Figure 7. Longitudinally stiffened test girder 
after shear test. 
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4. The tension field contribution is the vertical component of the tension field force 
(Fig. 8 ); and 

5. The ultimate subpanel shear forces will be reached when the combination of beam 
action and tension field action stresses cause yielding in the web. 

The ultimate shear force of a longitudinally stiffened panel Vu non-dimensionalized 
by the plastic s hea.r force (the product of the web area a nd the yield sfress in shear), 
is plotted against the web slenderness ration D/t for constanl valu s of yield strain cy 
and aspect ratio d/D (Fig. 9). Curves are shown in Lhe figure for three different 
longitudinal stiffe ner positions illustrating that the stiffener position which ,provides 
the highest shear strength varies with the web slenderness ratio. The optimum longi
tudinal stiffener position moves from mid-depth toward the compression flange as the 
web slenderness ratio increases. 

d 

Figure 8. Tension field model for a longitudinally stiffened panel. 
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Using the optimum longitudinal stiffener position, the increase in the shear strength 
of a plate girder panel due to the use of a longitudinal stiffener is shown in Figure 10 
as a function of the web slenderness ratio. The yield strain and aspect ratio are con
stants in this figure and have the same values as those used in Figure 9. According to 
the theory, the maximum increase in shear strength is about 26 percent for a slender
ness ratio of about 160 with an increase of almost 10 percent for the entire range 
120 ,;; D/t s 400 (Fig. 10). The increase in shear strength due to the longitudinal 
stiffener will be slightly different from that shown in Figure 10 for other values of 
yield strain and aspect ratio. 

The results of seven longitudinally stiffened plate girder tests were used to check 
the shear strength theory described (6). In these tests three panel aspect ratios 
(d/ D = 0. 75, 1. 0 and 1. 5) and three longitudinal stiffener positions (D1/ D = '12, % and 
'/s) were used. The web slenderness ratio varied from 256 to 276. For the seven 
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Figure 10. Increase in shear strength due to longitudinal stiffener. 
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tests the ratio of the expe_rimentally ob

tained ultimate loads Pu ex to the ultimate 

loads predicted by the theory Puth ranged 
from 1. 00 to 1. 18 with a mean value of 
1. 10. The use of longitudinal stiffeners 
in the test specimens resulted in an in
crease in shear strength ranging from 
6 percent to 38 percent. The ratios of 

Pu ex and Pu th to the plastic shear load 

Pp are shown in Figure 11 to provide a 
visual indication of the correlation of the 
shear strength theory with the seven test 
results. In summary, the test results 
indicate that the theory provides a reliable 
but somewhat conservative estimate of 
the actual shear strength of longitudinally 
stiffened plate girders and that the use of 
longitudinal stiffeners can lead to a sub
stantial increase in shear strength. 

Figure l l. Correlation of shear strength theory 
with test resu Its. 

LONGITUDINAL STIFFENER 
REQUIREMENTS 

Three requirements are proposed for 
proportioning longitudinal stiffeners: 

1. A minimum width-thickness ratio to prevent premature local buckling; 
2. A minimum stiffener rigidity to force a nodal line in the deflected web; and 
3. A minimum stiffener column strength to avoid premature lateral buckling. 

The first requireme nt is the same for both bending and shear. Although the second 
requirement is intended to help insure that web deflections are controlled for both 
l oading cases, for pure be ndi ng the pm·pose is to prevent a redistribution of stress 
from th · web to the compr ession Ilange; for high shear the rigidity requirement is to 
i ns \lre that separate tension fields will for m in the subpanels. Correspondingly, the 
numerical values of the mi nimum stiffener r igidity are different for the two loading 
cases (6). For the be nding case, lhe com1>ressive force used in checking the third 
requirement is that assigned to the s tiffener section according to beam theory. In the 
case of high shear the mini mum s tiffener column strength is required to transfer the 
horizontal components of the tension fields from one side of a panel to the other 
(Fig. 8). 

SUMMARY 

Results of an investigation of the influence of longitudinal stiffeners on the behavior 
and strength of plate girders have been sum mari zed. F or the case of pure be nding it 
was found that longitudina l stiffeners, by cont r olling lateral we b deflections, help to 
maintain a linear bending stress distribution, thus eliminating the need fo:r.· reductj on 
in the flange stress. For a girder panel subjected to high s hear, longitudina l stiffe ners 
force the formation of separate tension fields in the subpanels. In both loading cases, 
a substantial increase in strength can be achieved by using longitudinal stiffeners. 

Requirements for p t•opor tion:ing longitudinal stiffeners have been described. These 
r equj.rements a r e applicable to b oth loadi ng cases considered. The problem of posi
tioning longitudinal s tiffe ner s has a lso been treated for the two loading cases. 

This study was limited to the static strength of symmetrical, longitudinally stiffened 
steel plate girders. Since longitudinal stiffeners are effective in controlling lateral 
web deflections, they should also have a beneficial effect on plate girder fatigue 
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strength. The effect of longitudinal stiffeners on the behavior and strength of unsym
metrical girders has not yet been determined. Research programs are in progress to 
investigate these related problems. 
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Fatigue Strength of Hybrid Plate Girders 
Under Constant Moment 
H. S. LEW, Research Engineer, and 
A. A. TOPRAC, Professor of Civil Engineering, University of Texas 

Two series of fatigue tests on welded hybrid plate girders are 
described. The first series consisted of 14 panel specimens 
and the second series consisted of 14 full-length specimens. 
In both series, the center test panel (or panels) was subjected 
to pure bending moment. The test specimens had ASTM A 514 
steel flanges and ASTM A 36 steel webs. Flange dimensions 
were kept constant in all specimens, while web thicknesses 
used were /'8 , Y16, % and% inch. To obtain an S-N curve the 
maximum bending stress in the flange was varied in both series 
along with the applied stress range. 

The behavior of webs under repeated load are described, 
and fatigue cracks are discussed and their results are analyzed. 
It was observed that, regardless of the web thickness, webs 
moved laterally under load. The magnitudes of the lateral 
movement varied depending on the load and the shape of the 
initial crookedness of the web. Fatigue cracks were found 
both in the web and in the tension flange. Those found in web 
occurred along the toe of the compression flange-to-web fillet 
weld (Type 1) and near the end of the transverse stiffener 
(Type 2). Cracks developed in the tension flange (Type 3) 
were caused mainly by fabrication irregularities. In all cases 
the complete failure of a specimen was accompanied by a 
fracture through the tension flange. 

•THE USE of high strength steels can result in significant savings in the cost of a 
structure because less weight of steel is required for high strength steel. Since the 
"weight-strength-price" ratio increases with strength, further savings can be made 
for flexural members by using high strength steel flanges in combination with lower 
strength steel web. Therefore, if the strength of the flange is to be fully utilized, the 
design of such a girder must then assume a yielded condition in the web adjacent to 
the flanges at working loads. Since initial yielding has been the design criterion for 
structural members of homogeneous cross section, an investigation of the behavior 
of such a yielded web is needed before a design method can be adopted for practical 
use. 

The results of experimental studies have shown that straining the web beyond its 
yield point has little adverse effect on the static behavior of hybrid girders (1). How
ever, insufficient information is available at present on the fatigue strength Of such 
girders. Furthermore, whatever the findings in static tests which would allow the 
use of hybrid girders, the application of design rules to hybrid girders under repeated 
load can be justified only after the fatigue behavior has been fully investigated. 

To establish design rules based on experimental work, a test program was planned 
to investigate full-size girders. The test specimens were subjected to various maxi
mum stresses and stress ranges to obtain an S-N curve. In establishing the S-N 

Paper sponsored by Committee on Steel Superstructures and presented at the 46th Annual Meeting. 

9 



10 

curve, instead of attempting to establish a fatigue limit, i.e ., to find the limiting value 
of the stress below which a girder can presumably endure an infinite number of stress 
cycles, this investigation was aimed at obtaining a finite life based on the number of 
cycles to crack initiation. 

OBJECTIVES AND SCOPE 

The objectives of this investigation were (a) to determine the manner in which 
slender web hybrid girders fail when subjected to pure bending fatigue loading, and 
(b) to determine the factors that influence the fatigue strength of this type of girder 
when subjected to cycles of constant stress. The stress levels, the minimum and 
maximum stresses, were selected so that each specimen of the same web thickness 
would be tested to a specific combination of minimum stress and stress range. 

The specimens were subjected to at least 2 million cycles of repeated stress if no 
fractures appeared which caused an increase in deflection beyond the stroke capacity 
of the hydraulic jacks used for testing. The 2 million number was chosen because it 
was considered to be the largest number of cycles of maximum load conditions that 
any member in a bridge will ever experience during its useful life. 

DESIGN CONSIDERATION 

Previous investigations made on hybrid girders (2) indicated that if the web was too 
thin with respect to the depth of a girder, repeated loads caused fluctuating lateral 
deformations of the web, thereby inducing the development of fatigue cracks along the 
web boundaries. In order to study the effect of web thickness on the fatigue strength, 
all geometric configurations and cross-sectional dimensions of each girder test 
program were kept constant except the thickness of the web. Web slenderness ratio 
(the ratio of web depth to thickness) was adopted as the variable geometric parameter. 

To vary the web slenderness ratio, different web thicknesses were selected from 
readily available structural steel plates. The selection was made so that two groups 
of the web slenderness ratio would be below and two above the ratio of 170 specified 
by the AASHO (3) bridge specifications for 33-ksi yield- point steel. The test program 
encompassed aff practical ranges of ratios that would normally be encountered in 
bridp:e design. The ratios corresponding to the nominal web thicknesses of %, %, 3

/16 

and Ya in. for the chosen web depth of 36 in. were 86, 144, 192, and 288, respectively. 

TEST PROGRAM AND TEST SPECIMENS 

The test program was designed such that at least one specimen of each web thickness 
would be subjected to various maximum stress levels, namely, 20, 30, 40 and 50 ksi. 
The ranges of stress which were associated with the maximum stresses were chosen 
conveniently as 10, 15 and 25 ksi. To insure that sufficient yielding would occur in 
the web of a test specimen under the maximum stress, it was decided to use ASTM 
A 514 steel for the flanges and ASTM A 36 steel for the web. 

The test specimens were divided into two groups, panel specimens (Series A) and 
full-length specimens (Series B). Ther e were 14 specimens in each series. For both 
i:;eriei> , Ut t! flange dlme1 sions wer e kept a constant 8 in. by J/a in. A s chematic array 
of the stress levels and the corresponding stress ranges for each test specimen is 
shown in Table 1, together with the nominal web slenderness ratios. Figure 1 shows 
loading arrangements for the two series. 

BEHAVIOR OF WEB UNDER REPEATED LOAD 

The amount of lateral movement of the web under the load is dependent on the 
magnitude and configuration of the initial deformation of the web. The magnitude 
of these initial deviations of the web from a plane surface may vary from girder to 
girder, and the shape of the initial deformation may differ from panel to panel of a 
girder, if an inconsistent order of placing the intermediate stiffener is used during 
the fabrication. 
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TABLE 1 

STRESS LEVELS AND STRESS RANGES 
FOR EACH TEST SPECIMEN 

Specimen No. a Nominal Slenderness Stress Levels Stress 
Web Ratio 

Ranges 
Series A Series B Thickness Min Max (ksi) 

21020A 21020B Ya inch 288 10-20 10 
21530A 21530B 15-30 15 
21540A 21540B 15-40 25 
22540A 22540B 25-40 15 
22550A 22550B 25-50 25 

None 31020B 'lie inch 192 10-20 10 
31530B 15-30 15 
31540B 15-40 25 
32540B 25-40 15 
32550B 25-50 25 

41020A None '/. inch 144 10-20 10 
41530A 41530B 15-30 15 
41540A 41540B 15-40 25 
42540A 42540B 25-40 15 
42550A 42550B 25-50 25 

61530A None % inch 96 15-30 15 
61540A 15-40 25 
62540A 25-40 15 
62550A 25-50 25 

0 The first digit represents the web thickness, while the last four digits show the mini-
mum and maximum applied stress. 

FULL LENGTH SPECIMEN 

LOADING FIXTURE 

p 

10°-0" 10'-o" · 

PANEL SPECIMEN 

Figure l. Test set-ups. 
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Measurements taken from each test specimen revealed that in most cases the 
slender webs had relatively larger initial deformations than the stockier webs. For 
example , most of the 1/a- in. web specime ns had deformations greater than their web 
thicknesses (the maximum value observed was 1. 88 times the web thickness), while 
the %-in. web specimens had deformations about 0. 25 times their web thicknesses. 

The general trend observed on the shape of the initial web deformation was that in 
most cases the %- and 3

/ 16- in. specimens had either double or triple curvature , whereas 
the %- and %-in. specimens had single curvature. Typical examples of these cases 
are shown in Figures 2, 3, and 4 in contours and cross-seclional profile plots. 

When the applied loads imposed bending moment on an initially crooked web panel, 
the part of the web under compressive flexural stress experienced an increase in 
deformation while the part under tensile flexural stress flattened toward a plane 
surface. Such a typical trend is shown in Figure 5, in which the cross-sectional 
profiles of a web panel are plotted at 3-in. intervals. 

Based on the foregoing observations, the behavior of a web under repeated load can 
be summarized as follows. When the applied loads fluctuate between two load levels, 
thus imposing changing magnitude of pure bending moments on the initially distorted 
web panel, the portion of the web above the neutral axis moves in and out with an 
increased intensity in unison with the loads while the portion below the neutral axis 
moves in and out with a decreased intensity. As a result, the laterally deformed 
shape of a web cross section changes from one configur ation to another as the magnitude 
of applied load changes. In Figure 6 such a change in cross - sectional shape is 
illustrated by plotting the web profiles of a panel at P = 0, Pmin and Pmax· The terms 
Pmin and Pmax refer respectively to the loads which cause the minimum and maxi
mum stresses at the extreme fibre . The cross-hatched portion indicates the range of 
the web movements between P min and P max· 

FATIGUE CRACKS 

Three types of cracks were observed, categorized according to their locations with 
respect to the web panel. The Type 1 cracks were those found in the compression 
zone of the web along the toe of the flange-to-web fillet weld. The cracks always 
formed in the heat-affected zone of the web (Fig. 7 ). 

The Type 2 cracks were those that started in the tension zone of web at the end of 
transverse stiffeners (Fig. 7 ). Except in a few cases in which the cracks began in 
the fillet weld itself, most cracks started in the heat-affected zone of the web. 

The Type 3 cracks were those that occurred in the tension flange as a result of 
fabrication irregularities and the unfavorable geometry of the tension flange which 
induced local stress concentrations (Fig. 7 ). 

Type 1 Cracks 

The Type 1 cracks were found only in the 1/a-in. and 3
/ 16-in. web specimens. These 

cracks were usually found in the center portion of a web panel and propagated in both 
directions, as shown in Figure 8. Since the development of such a crack is related 
to the web flexing action, in all cases the crack started in the convex side of the web 
where the surface was subjected to tensile stress due to bending of the web. Figure 9 
illustrates this phenomenon. 

The significant fact observed during the testing was that the rate of increase in 
length of Type 1 cracks was usually small and, furthermore, these cracks had a 
negligible effect on the overall stiffness of a girder. 

Type 2 Cracks 

Irrespective of the web thickness, Type 2 cracks were found in all groups of test 
specimens. This indicates that in the development of a Type 2 crack, the longitudinal 
bending stress coupled with a local stress concentration due to the abrupt termination 
of transverse stiffener was the major cause of crack initiation rather than local 
flexural stress due to the web flexing action as noted in the Type 1 cracks. 
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Because the Type 2 cracks were 
motivated by flexural stresses due to 
applied load, they propagated much faster 
than the Type 1 cracks. The cracks ex
tended both upward and downward along 
the toe of the web-to-stiffener fillet weld. 
When this crack reached the tension flange, 
it propagated into it and led to a ~racture , 

thereby causing the fi nal failure of a 
girder. The sequential progress of such 
a crack is shown in Figure 10. 

Type 3 Cracks 

The Type 3 cracks are subdivided into 
3 groups according to their origin (Fig. 7). 
The first group, Type 3a, includes those 
cracl<S which originated at the flange-to
web junctw·e. SU:ch cracks were formed 
because of discontinuities on the fillet 
weld surface as a result of manual welding 
operations (Fig. 11). 

The second group, Type 3b, includes 
those cracks which started at the edge of 
the tension flange. The cause of such a 
crack was the presence of notches at the 
edge of the plate as a result of the flame 
cutting process. Such notches may be 
formed by a sudden increase in oxygen 
pressure in the cutting torch or uneven 
travel of the cutting torch. 

The third group, Type 3c, includes 
those cracks which originated at the 
reentrant corners of the tension flange. 
This type of craclc was observed only in 
the panel specimens. 

Repairs made on these cracks were 
found to be unsuccessful, and this was the 
main reason for changing from the panel 
specimens to the full-length specimens. 

TEST RESULTS AND DISCUSSION 

The number of cycles to initial crack 
formation for each test specimen is given 
in Table 2; also listed are web slenderness 
ratios based on actual measured dimen
sions and flange extreme fiber strains 
which correspond to the maximum and 
minimum stress levels. The ratio of 
strains larger than 1. 0 implies that the 
web extreme fibers were strained beyond 
the elastic limit. The types of crack are 
also indicated. 

To find a corr lation between the fatigue 
s trength and the thiclrness of web, an 
average number of cycles to initial crack 
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TYPE 3b 
CRACK 

Figure 7. Types of fatigue crack. 

is evaluated for each group of specimens having the same thickness. In computing the 
a verage values all r unout test points wer e assumed as 2 million cycles, as this was 
the maximum expected fatigue life. F\irthermore, since each group had a diller ent 
number of specimens , weighed arithmetic means were computed to obtain unbiased 
average values. The average values so calculated and the dispersion of the data of 
each group are shown as a bar chart (Fig. 12). Each bar shows minimum, average 
and maximum number of cycles. 

F igure 12 r eveals that ther e is no s trong interacting relationship between fatigue 
life a nd web thickness. Mor eover, the wide range in fatigue l ife of each gr oup shows 
that even if a certain r elationship exist s between the fati gue li fe and the web thickness , 
the regr ession analysis will indicate very poor correlation. Based on the test r esults 
as i ndicated by Figu:r 12, i t can be said that the web thickness does not have a s t r ong 
effect on the fatigue life of such girders. 

To examine the influence of the applied stresses on the fatigue strength, irrespective 
of the web thickness, an average number of cycles to initial crack for each gr oup of 
specimens which had the s ame stress r ange and minimum stress is calculated, assum
ing that all r unouts lasted 2 million cycles. The aver age values ar e shown in Figure 13. 

Test r esults appear to show that an i.11c1·ease in the stres s r ange, that i s , an in
crease in algebraic difference between the maximum and minimum stress, with a 
constant minimum stress, caused more significant reduction in fatigue life than an 
increase in the minimum stress with a constant stress range. For example, in Fig
ure 13 the average value of the fatigue life for specimens subjected to 15-ksi stress 
range (15 to 30 ksi and 25 tp 40 ksi) had more than twice the average fatigue life of 
those specimens subjected fo 25-ksi stress range (15 to 40 ksi and 25 to 50 ksi). How-



Figure 8. Crack in compression side of web along 
the toe of the web -to-flange fill e t weld. 
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TABLE 2 

FATIGUE TEST RESULTS 

Specimen f3 < It •mil/<yw 
Cycle s to Type of 

max yw Initial Crack Crack 

21020A 295 0. 584 0. 292 2, 927 ' 000 No crack 
21530A 295 0. 875 0. 437 2, 000,000 No crack 
21540A 295 1. 168 0. 437 294,000 1 
22540A 295 1. 168 0.730 1, 318, 700 3c 

1,722,400 1 
22550A 295 1. 470 0. 730 617,800 1, 2 

21020B 269 0. 603 0. 301 2,233, 000 No crack 
21530B 269 0. 905 0. 452 2, 137,300 No crack 
21540B 2G9 1. 206 0. 447 277' 400 Testing 

discontinued 
22540B 269 1. 206 0. 749 1,588,000 1 
22550B 269 1. 500 0. 749 672,000 1 

31020B 190 0. 476 0. 238 4,770,900 No crack 
31530B 190 0.714 0. 357 2, 104,360 No crack 
31540B 190 0.953 0. 357 890,000 2 

919,000 2 
1, 132, 100 2 

32540B 190 0. 953 0. 596 2,440,000 No crack 
32550B 190 1. 192 0. 596 815,300 1 

911, 530 3b 

41020A 141 0. 525 0. 262 2, 311, 200 No crack 
41530A 141 0. 798 0. 399 2,000,000 No crack 
41540A 141 1. 060 0. 399 630,000 3a 
42540A 141 1. 060 0. 662 947,200 3c 
42550A 141 1. 325 0. 662 639,500 3c 

41530B 147 0. 702 0. 350 2,052,800 No crack 
41540B 147 0. 935 0. 351 974,000 2 

974,000 2 
42540B 147 0. 935 0. 604 3,643,000 No crack 
42550B 147 1. 208 0. 604 421,000 2 

61530A 93 0. 700 0. 350 2,000,000 No crack 
61540A 93 0. 935 0. 350 1, 394, 800 2,3a 
62540A 93 0. 935 0. 548 2,530,000 No crack 
62550A 93 1. 168 0. 584 479,000 3b 

Note: f3 based on measured dimension. 

<max' <min= maximum and minimum yield strain of extreme fibers. 

<yw = yield strain of web . 



21 

Figure 11. Crack initiating at discontinuity in the we b-to-tension flange fillet weld . 

ever wh n a comparison is made between the specim e ns subjected to the same r ange 
of stresses of 15 ks i, but with different levels of minimum stress , as , for i nstance , 
from 15 to 30 ksi a nd from 25 to 40 ksi , no dr astic drop in the aver age fatigue life 
was observed. A similar tr end is also seen if the aver age fatigue life of the speci 
mens subjected to the 15-ksi to 40-ksi range is compared with that of the specimens 
subjected to the 25-ksi to 50-ksi range. 

It appears, therefore, that a change in the range of stress with a constant minimum 
stress has a greater influence on fatigue life than a change in the minimum stress 
with constant stress range. 
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Figure 12. Average fatigue strength of specimens having the same web thickness. 
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ANALYSIS OF TEST RESULTS 

No attempts were made to establish the shape of fatigue life distribution. Instead 
of speculating on a particular functional form which would satisfy the distribution of 
the data, probability-stress-cycle (P-S-N) curves are evaluated based on a technique 
suggested by ASTM (4) using the tabulated values of probability given by Schuette (5). 
This techriique enables one to determine the P-S-N curve without knowledge of the -
shape of fatigue life distribution. 

Fatigue life survival curves so determined are given in Figure 14; stress range is 
taken as the ordinate, since it was shown to be the most influencing factor on fatigue 
life. Probability survival curves of 50 and 80 percent corresponding to 50 and 90 per
cent confidence level ai·e drawn to indicate the scatter of the test points. Actual test 
points are also plotted for reference. 

A survival percentage of 50 corresponds to the median of a group. Since, in 
practice, values of percent survival less than 50 usually are not wanted, the 50 percent 
line can be considered as a limiting percentage survival line. 

Confidence level values describe the accuracy of survival percentages. For ex
ample, a 50 percent survival corresponding to a 90 percent confidence level means 
that at least 50 percent of the population will survive N cycles (or fall above that 
line), and only 10 percent of s uch a statement are expected to be incorrect. 

For comparison, in Figure 15 are plotted the test ·points of previous hybrid girder 
Investigations (2) and two test points of homogeneous girder of A 36 steel (6) against 
an 80 percent survival curve at 50 percent confidence level (80/50 curve). -The 
hybrid girders were subjected to a stress range from 25 to 45 ksi. Except for one 
test point which had 141, 000 cycles, the points agree reasonably well with the 80/50 
curve. 
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Figure 15. Test results of pre vious hybrid girders and homogeneous girders of A 36 steel. 
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The homogeneous girders were subjected to stress ranges of 17. 6 and 16. 6 ksi for 
the specimens whl.ch had initial crack at 600, 200 and 2, 280, 000 cycles, r esper.tivP.ly. 
It should be mentioned that the one which survived to ~. 28 million cycles had previously 
been subjected to 13. 8-ksi stress range up to 1. 3 million cycles. Since one test point 
falls below and the other above the 80/50 line, no conclusion can be drawn as to how 
well the S-N curve of hybrid girders can estimate the fatigue life of the homogeneous 
girders. However, th comparison indicated that when estimates are based on the 
stress range, the fatigue life of hybrid girders and homogeneous girders are within 
a tolerable range. 

CONCLUSIONS 

The fatigue strength of hybrid plate girders made of ASTM A 514 steel flanges and 
A 36 steel web has been investigated. Statistical analyses were made on the test 
results and probability survival curves were evaluated. From this investigation, the 
following conclusions can be drawn: 

1. · The difference in web thickness did not show any significant change in fatigue 
strength. 

2. Test results indicate that increasing the range of stress with a constant minimum 
stress level had a greater influence on fatigue life than raising the level of minimum 
stress with a constant stress range. 

3. Based on the current test, fatigue life between 500, 000 and 2 million cycles can be 
estimated conservatively by the 80 percent survival curve at 50 percent confidence 
level (Fig. 14). · 

Further investigations are needed to establish a relationship between stress range 
and fatigue life in the lower range of cycles. 
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Lateral Distribution of Load in 
Composite Box Girder Bridges 
S. B. JOHNSTON and A. H. MATTOCK, Respectively, Former Graduate Student and 

Professor of Civil Engineering, University of Washington 

A computer program for the analysis of folded plate structures 
of general form was used to study the lateral distribution of 
load in simple span composite box girder bridges without 
transverse diaphragms or internal stiffeners. The results 
were used to develop simple expressions for the loads carried 
by the interior and exterior girders in this type of bridge. 

The accuracy of the analysis was confirmed by the results 
of tests of a quarter-scale model of a two-lane, 80-ft span 
bridge supported by three box girders. 

•THE type of bridge under consideration consists of trapezoidal section steel girders 
made composite with a reinforced concrete deck slab. A typical cross section is 
shown in Figure 1. Diaphragms are provided only at the supports and the girders 
are not stiffened internally in any way. Composite action is ensured by the provision 
of stud type shear connectors on the top flanges of the girders. 

It is considered that bridges of the type described should be more efficient, econom
ical and aesthetically pleasing than steel-concrete composite bridges using I-section 
girders. Due to the larger torsional stiffness of the closed trapezoidal section girder 
as compared to an I-section girder of similar flexural strength, a greater lateral 
distribution of loads is achieved with this form of construction than is the case with a 
concrete deck slab on steel I-section girders. The bending moment for which each 
girder must be designed is therefore less in the box girder bridge, thus leading to 
economy. Further economies in fabrication and erection are achieved by the elimina
tion of stiffeners and transverse diaphragms other than at the supports. The clean 
external appearance of this l-ype of bridge is aesthetically very pleasing. 

METHOD OF ANALYSIS 

A box girder bridge of the type described may be considered as a simply supported 
folded plate structure, since it consists of a series of adjoining thin plates rigidly con
nected along their edges, and since the encl diaphragms effect;.vely p1·event displace
ments in their planes b1.1t offer negligible resistance normal to these planes. 

A computer program was written for the analysis of simply supported folded plate 
structures of general form. The stiffness method of analysis was used allowing four 
degrees of freedom at each joint (1 rotational, 3 translational). The stiffness coef
ficients used were obtained from the exact solution of the folded plate problem pro
duced by Goldberg and Leve (1). The computer program is discussed in more detail 
elsewhere (2). -

For a given load system the computer program yields the displacements and forces 
acting at each joint. To obtain displaceme11ts and stresses within a plate, the plate is 
hypothetically subdivided into a number of coplanar plates joined at their edges. The 
displacements and stresses at the locations of the hypothetical joints can then be ob
tained by use of the computer program. 

Paper sponsored by Committee on Steel Superstructures and presented at the 46th Annual Meeting . 
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Figure l. Typical composite box girder bridge. 

RELIABILITY OF THE ANALYSIS 

The folded plate theory assumes that 
the materials of which the structure is 
made are linearly elastic and that the con
stituent plates are isotropic in their prop
erties. An actual bridge structure is 
unlikely to satisfy these assumptions ex
actly, although it should come close to 
doing so at service load level. Of partic
ular relevance is the behavior of the rein-
forced concrete deck slab which is neither 
isotropic nor perfectly elastic. To provide 

a check on the analysis and computer program, it was decided to build and test a one
quarter scale model of an 80-ft span, two-lane highway bridge of the type under con
sideration. A detailed description of the fabrication and testing of this moctel is given 
elsewhere (~, ~). 

Design of Test Bridge 

Particulars of the design of the prototype bridge are as follows: 

Span-80 ft 
Number of lanes- 2 
Width of roadway-28 ft 
Overall width of bridge-34 ft 
Number of box girders-3 
Design Load-HS20-44 
Assumed AASHO Load Distribution Factor-S/ 6. 5 
Steel in box girders-type ASTM A 36 (allowable stress 20 ksi) 
Deck slab reinforcement-Intermediate grade 
Deck slab concrete strength -f~ = 4000 psi 

The use of an AASHO load distribution factor of S/6. 5 was based on judgment. It 
was anticipated that the lateral load distribution characteristics of this type of bridge 

Brldg• Span - BO ft. 

34."- 0 " b 1•'-0" l4'-~t;1 

¢ tjJ tjJ 
10'-6" 10·-s· 
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15~ 
f~.3fcrs. 
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10'1 crs , 
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• 
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Typlcol Girder Cross-Section Typical Girder Cross-Section 

Figure 2. Dimensions of prototype bridge. Figure 3. Dimensions of model bridge {inches). 



TABLE 1 

TRUE SCALE AND 
ACTUAL PLATE THICKNESSES 

Proto- True 
Dimension type Scale 

(in.) (in.) 

Top flange thickness 0. 500 0. 125 
Web thickness 0.375 0. 096 
Bottom plate thickness 0. 625 0. 156 

Actually 
Used 
(in. ) 

0. 134 
0. 100 
0. 164 

composite section would resist the live 
of the curbs, guardrails, etc. 
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would be somewhat better than those of 
composite bridges with I-section girders 
for which the AASHO load distribution 
factor is S/5. 5. The tests and analytical 
studies subsequently made showed that 
this was a reasonable assumption. 

The design for flexure was in accordance 
with Section 9 of the 1961 AASHO specifi
cations (4). It was assumed that the 
trapezoidal section steel girder would 
act alone when carrying its own weight 
and that of the concrete slab, and that the 

load moments and those due to the weight 

The design for shear was in accordance with paragraph 1. 6. 409 of the 1963 AASHO 
Interim Specifications (5). The webs were made the minimum thickness permitted 
without the use of stiffeners. 

The concrete deck slab was made the thinnest possible to resist the design bending 
moments specified in AASHO specifications. Since the lateral distribution of loads is 
very dependent on the stiffness of the deck slab, use of the thinnest possible slab will 
yield the worst lateral distribution for a given girder size and configuration. 

The cross section of the prototype bridge is shown in Figure 2. As far as possible 
the model was made a true quarter-scale model of the prototype bridge. The only 
deviafions were in the thicknesses of the steel plate used in the fabrication of the 
trapezoidal girders. The deviations arose because of the necessity of using available 
standard thicknesses of steel sheet metal. They are as shown in Table 1. 

The dimensions of the test model are shown in Figure 3. The actual dimensions of 
the model were used when calculating its behavior using the computer program. 

The deck slab was of reinforced mortar to simulate the reinforced concrete of the 
prototype. The ba1· sizes and spacing were reproduced exactly to scale. At the time 
of test the mortar had a compressive strength ol 3340 psi, somewhat less than the 
4000-psi concrete strength assumed in the prototype design. 

Comparison of Calculated and Actual Behavior 

Two types of test were carried out on the model bridge, influence line tests and 
truck loading tests. 

D LJ 

Figure 4. Influence lines for average strain in 
bottom plate of girders I and 2 of the model bridge. 

LJ 

3 

Figure 5. Influence lines for girder deflection in 
model bridge. 
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Influence Line Tests-In these tests a concentrated load was placed at nine succes
sive locations across lhe width of the bridge at midspan. For each location of the load, 
the deflections of the girders and the strains in the bottom plates of the girders were 
measured. It was thus possible to construct experimentally transverse influence lines 
for deflection of each girder and for average strain in the bottom of each girder. This 
last may be regarded as a measure of the bending moment carried by each girder. 

The experimental influence line ordinates are plotted in Figures 4 and 5 together 
with the influence lines calculated using the folded plate £omputer program. The 
agreement is seen to be good, the actual behavior of the model being slightly better 
than the calculated behavior. The calculated influence liJ1es are based on the first 
three terms of the Fourier series representing a concentrated load. 

Truck Loading Tests-In these tests six concentrated loads were applied to the 
bridge deck simultaneously. The distribution and relative mag·nitudes of these loads 
simulated to one-quarter scale the wheel loads of the HS20-44 AASHO standard design 
truck load. The loads were applied by placing a block of concrete on top of an articu
lated steel frame resting on the bridge deck as shown in Figure 6. Measurements 
were made at midspan of girder deflection and strain in the girder bottom plates. 

The loads were applied in both lanes of the bridge, in the extreme lateral positions 
as considered in design that the truck can occupy. In Figure 7a the measured deflec 
tions are 1.:umµared with the calculated deflections for th truck loading placed as r.loi:rn 
to the curb as is required by AASHO specifications. Similarly, in Figure 7b' the de
flections are plotted for the case of the truck loading placed as close to the center line 
of the bridge as required by AASHO specifications. The agreement between measured 
and calculated behavior is seen to be close in both cases, with the bridge once again 
behaving a little better than was calculated. 

By superposing the results obtained in these tests it was possible to obtain the 
distribution of wheel loads between the three supporting box girders when two standard 
trucks are placed on the bridge, (a) so as to produce maximum moment in an exterior 

Figure 6. Truck loading test of model bridge. 

girder, and (b) so as to produce maximum 
moment in the interior girder. The experi
mentally determined distributions of load 
are compared in Figure 8 with the distribu
tions of load obtained from the calculated 
deflection influence lines, it being assumed 
that the total load is distributed between the 
three girders in proportion to their midspan 
deflections. It can be seen that the calcu
lated transverse distribution of loads is in 
close agreement with the measured distri
bution, and in particular that the calculated 
maximum loads carried both by an exterior 
girder and by an interior girder are in very 
close agreement with the measured maxi
mum loads. 

The measured maximum loads carried 
by an exlerior girder and by the interior 
girder are respectively equivalent to 
AASHO load distribution factors of S/6. 91 
and S/6. 48. This result justifies the prior 
assumption of a load distribution factor of 
S/ 6. 5 in the design of the prototype bridge. 

The close agreement between the ob
served behavior of the model bridge and 
the behavior predicted by the folded plate 
theory computer program indicates that 
the program is reliable and can reasonably 
be used to predict the behavior of other 
bridges of this type. 



( CorrespondinQ prototype dimensions ore shown in parenthesis) 

(al Looding No. I 

2 

3 (b) Loodlng No. 2 

Figure 7. Midspan deflections of model bridge in 
truck loading tests. 
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Loading A - For Maximum Load on Exterior Girder X. 

r--i {jj I I d Truck 2 b , ___ 1 

Number of Wheel Loads per Girder 

By Theory 1.53 1.43 1.04 

From5t~a~:Ured 1.52 1.38 1.10 

Loading 8 - For Maximum Load on Interior Girder Y . 

Number of Wheel Loads per Girder 

By Theory 1.20 

From Measured 
Strains 1.19 

1.60 1.20 

1.62 1.19 

Figure 8. Comparison of theoretical and actual 
distribution of loads-truck loads placed to pro

duce maximum loads in particular girders. 

ANALYTICAL STUDY 

The .folded plate theor y computer progr am was used to calculate the behavior of a 
seri es of 24 composite box girder br idges, covering a fairly wide range of spans, 
numbers of lanes, and number s of girders. The spa ns included wer e 50, 75, 100 a nd 
150 I t. For each span the following combinations of numbers of lanes and number s of 
box girder s wer e conside r ed: (a ) 2 lanes, 2 or 3 box girders; (b) 3 lanes, 3 or 4 box 
girder s; and (c ) 4 lanes, 4 or 5 box girder s. 

The lane widths used for the 2- , 3- and 4- lane bridges were 14 ft 0 in., 12 ft 0 in. 
and 12 ft 3 in. respectively. A curb width of 3 ft was used in all cases. 

A 

3'-0"~ I B I B I B I B I B I 
= LJ D D 

8 
I 

8 1..CL 3·-o• o= 
Typical Bridge Cross-Section 

8 

K 

L 

D 
E 

N 

F 

H 

Typical Girder Cross-Section 

Figure 9. Typical midspan cross sections for 
bridges considered in analytical study. 

The par ticular s of the design of these 
bridges are the same a s for the design of 
the prototype br idge on which the test 
model was based. The dimensions of the 
midspan cross section of each bridge are 
given in Table 2 (dimension letters refer 
to Fig. 9 ). In each case the thickness of 
the deck slab was arrived at by consider a
tion of i ts action as a slab spanning trans
ver sely acr oss the top fla nges of the 
trapezoidal section girders. The minimum 
possible thickness of slab was used in 
each case so that the calculated values of 
lateral distribution of load should be con
servative. 

For each girder of each of the bridges, 
influence lines wer e calculated showing 
the load carried by the girder under con
sider ation as a unit load moves transversely 
acros s the bridge at midspan. These in
fluence lines wer e base9 on the calculated 
beha vior of the bridges, assumi ng that the 
load is divided between the gir ders in 
proportion to their center-line deflections. 
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TABLE 2 

DIMENSION SUMMARY FOR BRIDGES CONSIDERED IN ANALYTICAL STUDY 

Bridge Span No. of No. of Dimension (See Fig. 9)3-

No. (ft) Lanes Girders A B c D E F G H J K L M N 

50-1 50 2 2 34 ft 0 in. 96 60 29 20 76 88 4 12 7 % % % 
50-2 50 2 3 34 ft 0 in. 63 46'/, 28 20 43 55 4 12 6 t,2 l" {'.2 
50-3 50 3 3 44 ft 6 in. !Hi b2 2a'/. 2ll 00 70 4 12 6'1 /1b Y. y, /4 

50-4 50 3 4 44 ft 6 in. 63 46Y, 28 20 43 55 4 12 6 '12 % y, 
50-5 50 4 4 55 ft 0 in. 80 50 28 % 20 60 72 4 12 6% l' % '12 
50-6 50 4 5 55ft0in. 63 46'/2 28 20 43 55 4 12 6 1'2 % % 
'15-1 75 2 2 34 ft 0 in. ()6 60 44 35 72 84 6 13 7 "f, 7/1e % 
75-2 75 2 3 34 ft 0 in. 63 46'/, 43 35 39 51 6 12 6 '!, % % 
75-3 75 3 3 44 ft 6 in. 86 52 433/. 35 62 74 6 13 6'/. "!. % % 
75-4 75 3 4 44 ft 6 in. 63 46'/2 43 35 39 51 6 12 6 % 'la % 
75-5 75 4 4 55 ft 0 in. 80 50 43% 35 56 68 6 12 61, '1· % % 
75-6 75 4 5 55 ft 0 in. 63 46'/2 43 35 39 51 6 12 6 y, 'la % 

100-1 100 2 2 34 ft 0 in. 96 60 58 49 72 84 6 14 7 1 y, % 
100-2 100 2 3 34 ft 0 in. 63 46Y, 57 49 39 51 6 12 6 "/. 1'1e "/. 
100-3 100 3 3 44 ft 6 in. 86 52 57o/. 49 62 74 6 13 6"/. 1 7/10 "!. 
100-4 100 3 4 44 ft 6 in. 63 461/2 57 49 39 51 6 12 6 "!. 'lie % 
100-5 100 4 4 55 ft 0 In. 80 GO u7'/a 49 56 68 6 12 6'/, 1 ~/" % 
100-6 100 4 5 55 ft 0 in. 63 46'/a 57 49 39 51 6 12 6 "/. /'i. "/. 
150-1 150 2 2 34 ft 0 in. 96 60 85 76 72 84 6 14 7 l '/2 % 
150-2 150 2 3 34 ft 0 in. 63 46'/2 84 76 41 51 6 13 6 1 'la 
150- 3 150 3 3 44 ft 6 in. 86 52 84"/. 76 58 70 8 13 6"/. l '/2 %. 
150-4 150 3 4 44 ft 6 in. 63 46'/2 84 76 41 51 6 13 6 1 'la 
150-5 150 4 4 55 ft 0 in. 80 50 84'/a 76 52 64 8 12 6'/. l'/2 'Y .. 
150-6 150 4 5 55 ft 0 in. 63 46'/, 84 76 41 51 6 13 6 1 y, 

0
Dimensions are given in inches except for A, the overall width of the bridge. 

It is thought that this procedure is justified by the agreement between the measured 
distribution of loads in the model bridge and the distribution of loads calcu~ated using 
this assumption (Fig. 8 ). A typical set of influence lines is shown in Figure 10. 

The maximum load carried by each girder of each bridge was calculated using the 
influence lines, the worst possible combinations of truck locations on the bridge deck 
being considered in each case. The maximum loads carried by each girder were ex-

02 

~ 0-~ 
C3 
]; 0_6 

~ 08 

B LO 

~ 

8rid<;je No. 75-4 

LJ LJ 

j~~1 
Figure 10. Typical girder load influence lines . 

pressed in terms of multiples of one 
"wheel load" of the AASHO standard truck 
and are summarized in Table 3, along 
with the values of N (in S/N, the AASHO 
load distribution factor) which correspond 
to the number of wheel loads carried by 
the girder and the center-to-center spacing 
o·f the box girders. No reduction in in
tensity of loads for simultaneous loading 
of more than two lanes was inc:luded in 
the calculation of the values shown in 
Table 3. 

It can be seen in Table 3 that the values 
of N vary considerably both with span and 
type of bridge. An attempt was first made 
to correlate the values of N with span and 
some parameter related to the type oi 
bridge, but this was not successful. The 
general trend of variation of N with span 
can readily be seen in Figure 11, where 
the average values of N are plotted for 
all except the two girder bridges. The 
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TABLE 3 

SUMMARY OF CALCULATED MAXIMUM LOADS AND CORRESPONDING VALUES OF N 

Bridge Span (ft) 

Bridge 
Girder Girder 50 75 100 150 

Type 
Spacinga No.b 

(ft) 
Wheel Nd Wheel Nd Wheel ~ Wheel ~ Loadsc Loadsc Loadsc Loadsc 

2-Lane, 2-Girder 16. 00 2. 18 7.35 2. 16 7.41 2. 12 7. 56 2. 11 7. 59 

2-Lane, 3-Girder 10. 50 1 1. 56 6.73 1. 57 6. 70 1. 57 6. 70 1. 55 6.77 
2 1. 70 6. 18 1. 63 6. 44 1. 58 6. 65 1. 51 6. 95 

3-Lane, 3-Girder 14. 33 1 2. 08 6.88 2. 10 6. 82 2. 12 6. 76 2. 14 6. 70 
2 2. 42 5. 93 2. 35 6. 10 2. 30 6. 23 2. 18 6. 57 

3-Lane, 4-Girder 10. 50 1 1. 66 6. 35 1.64 6. 40 1. 61 6. 52 1. 62 6. 48 
2 1. 88 5. 58 1. 81 5. 80 1. 72 6. 12 1. 67 6. 28 

4-Lane, 4-Girder 13. 33 1 1, 97 6. 78 2. 03 6. 58 2. 04 6. 55 2. 12 6, 30 
2 2. 32 5.75 2. 34 5. 70 2. 26 5. 90 2. 30 5. 80 

4-Lane, 5-Girder 10. 50 1 1. 65 6. 36 1. 65 6. 36 1. 67 6. 30 1. 68 6. 25 
2 1. 88 5. 58 1. 80 5.83 1. 77 5. 93 1. 75 6. 00 
3 1. 90 5. 52 1. 89 5. 55 1. 84 5. 71 1. 80 5. 80 

~Center-10-conter spacing of bo>< girc!ors. 
Girdnn. ore nurnbercd from out5ide to jnsldo, i.e., girder No. I is an exterior girder. 
~aximum number or wheel loods carried by tho particular girder. 

N In S/ N, tho AASHO load dislribution factor. 

average value of N for the exterior girders of all bridges except the two-lane, two
girder bridges was approximately a constant 6. 6, with a range of variation of about 
±0. 25. The average value of N for the interior girders increases approximately 
linearly from 5. 8 at 50-ft span to 6. 3 at 150-ft span, with a range of variation of about 
±0. 45 for any particular span. The average value of N for the two-lane, two-girder 
bridge is about 7. 5. With this variation in N, the difficulty of selecting a truly repre
sentative value of N for use in design is apparent. However, it should be noted that in 
all cases the average values of N were in excess of the value of 5. 5 specified for the 
design of a composite bridge with I-section girders. 

The coefficient N is only used in design in combination with the girder spacing to 
obtain the multiple of one wheel load for which each girder must be designed. In other 
words N is a means to an end and not an end in itself. An attempt was therefore made 
to relate directly the maximum load carried by each girder and some simple charac
teristics of the bridges. It was found that the maximum number of wheel loads carried 
by an interior girder could be expressed in terms of two simple parameters: 
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Figure II. Variation of average value 
span. 

0 

+ 
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of N with 

and 

S = Bridge span in feet 

R = Number of traffic lanes 
Number of box girders 

In Figure 12 the maximum number of 
wheel loads Wi, carried by an interior 
girder in each bridge studied is plotted 
against the ratio R It can be seen that 
the calculated values for all the bridges 
studied fall very close to the family of 
lines represented by 

Wi = 0. 42 + 2. 08 R - 0. 002 S (1) 
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Figure 12. Maximum load carried by an interior 
girder. 
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Figure 13. Maximum load carried by an exterior 
girder. 

where Wi is the maximum number of wheel loads carried by one interior box girder, 
and Rand S are as definP.cl a.hove. 

Similarly, in Figure 13 the maximum number of wheel loads, We, carried by an 
exterior girder in each bridge studied is plotted against the ratio R. Since for a given 
value of R the maximum number of wheel loads carried by an exterior girder does not 
vary significantly with span, it is possible to express We in terms of R only, i.e., 

W _ 1. 69 - 1. 23 R 
e - 1. 22 - R 

(2) 

where We is the maximum number of wheel loads carried by an exterior box girder 
and the ratio R is as before. 

It is interesting to note that the behavior of the two-lane , two-girder bridges appears 
consistent with the behavior of the other brtdges when the distribution of load is con
sidered in this form, contrary to the situation when a correlation with the di stribution 
factor N was attempted. Equation 2 predicts quite closely the behavior of all the 
bridges considered in this study. 

Reduction in Load Intensity for Multiple Lane Loading 

It was noted earlier that the maximum loads per girder were calculated without any 
reduction being made for simultaneous loading of more than two lanes. In each case 
the bridge was loaded so as to produce the worst condition for the girder under con
sideration; i.e., all lanes were not necessarily loaded in all cases. 

1 1 ~-r----.----.----.--, 

Number of Box GlrdefS 

Figure 14. Variation of total design load with 
number of girders- 4- lane bridge, 75-ft span. 

When applying the provisions of Section 
1. 2. 9, "Reduction in Load Intensity," of 
the AASHO specifications (4) to the loads 
given by Eqs. 1 and 2, it would be uncon
servative to base the reduction factor on 
the total number of traffic lanes on the 
bridge. On the basis of experience in 
analyzing the behavior of the bridges in
cluded in this study, it is proposed that 
the load intensity reduction factors used 
in conjunction with maximum loads calcu
lated using Eqs. 1 and 2 should be based 
on one less than the total number of traffic 
lanes carried by the bridge. 
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Optimum Number of Girders 

Using the equations proposed, the total number of wheel loads for which a bridge 
must be designed was calculated for a number of bridges with various combinations of 
numbers of lanes of traffic, numbers of box gi.rders and lengtl1s of span. For a bridge 
carrying a given number of lanes of traffic over a given span, in every case the total 
number of wheel loads for which the bridge must be designed was a minimum when one 
box girder was provided for each lane of traffic. 

An example of the variation of total load-carrying capacity required with inc1·easing 
number of box girders is shown in Figure 14. It appears therefore that the most 
economical arrangement of girders for this type of bridge is one box girder for each 
lane of traffic. 

CONCLUSIONS 

Agreement between the observed and calculated behavior of a one-quarter scale 
model of an 80-ft span composite steel-concrete box girder bridge without transverse 
diaphragms or internal stiffeners confirmed the applicability of folded plate theory to 
bridges of this type. 

A study was made of the behavior of 24 composite box girder bridges using a com
puter program based on folded plate theory. As a result of the study, Eqs. 1 and 2 are 
proposed for the maximum number of wheel loads carried by the box girders in this 
type of bridge. Load intensity factors used in conjunction with maximum loads calcu
lated using the given equations should be based on one less than the total number of 
traffic lanes carried by the bridge. 

The study also indicated that the most economical arrangement of girders in this 
type of bridge was one box girder for each line of traffic. 
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Prefabricated Composite High way Bridge 
Units With Inverted Steel T-Beams 
J. F. McDERMOTT, Senior Research Engineer , U. S. Steel Corporation, Applied 

Research Laboratory , Monroeville, Pa. 

•TO MEET the current need of highway engineers for a low-cost prefabricated short
span bridg unit thal can be rapidly erected, the U. S. Steel Applied Research Labora
tory and the Indiana Steel Fabricators Association evolved a prefabricated bridge unit 
(Fig. 1) consisting of a concrete deck connected to two steel inverted T-beams by studs. 
It is intended that these units, including transverse bracing between the T-beams and 
including the deck, be prefabricated in steel fabricators' shops, transported to the 
bridge site by truck, placed side by side on the substructure, and field - connected by 
installing transverse tie rods thrn11e;h the deck and forcing nonshrinking grout into the 
longitudinal keyways between units. At this stage of onstruction, truck traffic could 
pass over the bridge. However, a bituminous wearing surface would probably be placed 
and railings installed before the bridge would be opened to traffic. 

A main feature of these prefabricated composite bridges is that, unlike ·onventional 
composite beam bl'idges, the steel beams in these \1nits have no top flanges. Although 
the top flange contributes li tl to the strength of a composite beam after the concrete 
deck has hardened, in conventional cast-in-place construction it does serve the im
portant function of helping to support th dead weighl of lhe concre e without excessive 
shoring or temporary supports. However, by prefabr ica ting the units , the need for 
shoring is eliminated and the economy of steel T-beams can be fully realized. Another 
advantage of prefabrication is that most oI the concrete shrinkage occurs before 
erection and pre-erection shrinkage cracks parallel to the longitudinal axis of each 
unit would be unlikely. Thus, prefabrication greatly reduces the possibility of 
shrinkage cracks parallel to the longitudinal axis of the bridge in the finished structure. 

This paper presents. designs for units with inverted steel T-beams having several 
diffe1·ent unit widths (Fig. 2) and different spans. Although these designs are intended 
for prefabricated construction, they could al.so be used for cast-in-place construction 
if adequate shoring were employed. For cast-in-place construction, however, it would 
be more efficient to use an equal spacing of T-beams rather than the unequal spacing 
used in the prefabricated units. 

GENERAL DESIGN REQUIREMENTS 

The American Association of State Highway Officials (AASHO) standard Specifica
tions for Highway Bridges, eighth edition, 1961, was used as the design specification 
Lor this study, except for certain special live-load distribution formulas developed 
herein. HS20 live load was used in all beam designs, and a 16, 000-lb wheel load 
(plus 30 percent for impact) was assumed in all deck designs. The weight of the 
bituminous wearing surface was assumed to be 30 psf. . 

All main material of the T-beams consists of high-strength structural steel con
forming to ASTM designations A441 or A242. These steels, which have a yield 
strength of 50, 000 psi for thicknesses up to% in., inclusive, were chosen because of 
their superior strength-to-cost ratio; steels with higher yield strengths were not con
sidered J:>ecause of live-load deflection limitations. Greater economy could be 
achieved by the use of other commercially available high- strength low-alloy steels 
currently being considered for adoption by ASTM. 

Paper sponsored by Committee on Steel Superstructures. 
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Figure l. Prefabri coted composite highway bridge unit with inverted steel T-beams. 

Diaphragms, web stiffeners, railings, railing posts, and other detail material are 
made from A36 steel. Because the AASHO specification limits the minimum thick
nesses of plates to Yl6 in., all web plates were designed to be %s in. thick. 

DESIGN OF DECK SLAB AS TRANSVERSE SPAN 

35 

The reinforced-concrete decks simultaneously perform two functions: (a) they act 
as transverse spans, distributing the wheel-load concentrations to the vertical web 
plates, and (b) they act as the top :l1langes of the longitudinal bridge beams. The first 
~unction which governs r einforcing requirements and which generally governs the slab 
thickness, is discussed in this section; the second function is discussed in the following 
section. 

For all designs, the concrete slabs are 7 in thick because that appeared to be the 
minimum thickness practical to accommodate embedment of the beam webs and stud 
connectors, as well as positioning the holes for the transverse tie rods and placing 
the reinforcing steel. Concrete with 3, 500-psi ultimate compression strength, wbich 
is with.in tile 3, 000-to-4, 000 psi range most typical of bridge construction, was selected 
for all designs because many of tlle optimum beam designs, discussed next, result in 
longitudinal compression stresses in the deck close to the 1, 400-psi allowable stress 
corresponding to 31 500-psi ultimate compression strength. 

It was assumed that the 16, 000-Ib wheel load (plus 30 percent impact load) can be 
placed anywhere on the slab, but that the effective tire width in the transverse dil'ec
tion is 20 il1., so that only part of the wheel load is exerted on a given slab unit if the 
center of the wheel ii;; placed less than 10 in. from the longitudinal joint. In computa
tion of h·ansverse bending moments in the concrete, it was conservatively assumed 
that there was neither shear nor moment transfer at the longitudinal joints. Thls 
assumption was made to simplify the slab design and to make sure that the slab 
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Figure 2. Typical bridge cross sections. 

reinforcing steel would be adequate for any bridge assembly, even if the longitudinal 
joints were not keyed toge· h. r . 'Th e vertical steel web plates, which support the deck 
s labs, wel'e spa ed so thal lhe negative transverse bending moment (tension in top fibers 
oI de I<) in lhe slab at the sleel webs would be equal to the maximum positlve bending 
moment (tension in bottom fib rs of deck) in the slab between webs and thereby allow 
the same top and bottom transverse reinforcement. Longitudinal reinforcement, which 
enables the slab to distribute wheel loads in the longitudinal direction, is specified by 
AASHO as a percentage of the transverse reinforcement. 

On the basis of these considerations, the spacing·s of beam webs and reinfor •ing-bar 
r equir ments given in Table 1 were determined in accordance with the specifications. 
These beam-web spacings and reinforcing-bar requirements apply specifically to the 
prefabricated bridges. For shol'ed cast-in-place bridges, it would be more logical to 
use equal spacing of tees, and the reinforcing-bar r quirements would be less. 

The possibility of longitudil1al cracks occurring 111 U1e surface of the deck above the 
web of the T-beam due lo the negative moment that occurs above the web was investi
gated experimentally in conjunction with T-beam punch]ng shear tests (1) conduct d at th 
U.S. Steel Applied Research Laboratory. In these tesls, lop surface cracking did not 
occur until a negative moment corresponding to a wheel load of about 40 000 lb-almost 
twice the wheel load for an HS20 truck plus impact-was applied. Thus, for static 
loading, top surface cracking probably would not be any more of a problem in the pre
fabricated units with inverted steel T-beams than in conventional composite bridges. 
To the author's knowledge, no fatigue tests have been conducted to determine whether 
problems of concrete cracking might occur in this type of construction under repeated 
loading. 

Because abouL a 100- kip offset punching load was supported before failure, these 
T-beam punching shear tests indicated that, iI the gaps between the bottom reinforcing 
bars and th e st el webs are sufficiently small, the lap of the studs and the bottom 
reinforcing ba.r:s is sufficient to develop resistance to the small transverse positive 
bending moments that may occur in the slab directly over the web. 

BEAM DESIGN 

Live-Load Distribution Factors 

The live-load bending moments in the longitudinal direction depend on the position 
of the truck wheels with respect to the beam in both the longitudinal and transverse 
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TABLE 1 

BEAM-WEB SPACING AND SLAB REINFORCEMENT REQUIREMENTS 

Spacing Transverse Reinforcing Longitudinal Reinforcing 

of Steel a Steel a 

Width Pair of Distance 

of Beam- from Beam- Top Bar Top Bar 

Slab Web Web Plate Spacing Spacing 

Unit Plates to Longitudinal 
Size Diameter and Size Diameter and 

(ft) in Slab Joint 
No. (in.) Bottom 

No. (in.) Bottom 

Unit 
(ft) Bar Bar 

(ft) Spacing Spacing 
(in.) (in.) 

6. 00 3. 00 1. 50 5 % 8 4 'la 10 
8. 00 4. 50 1. 75 6 % 8 4 % 8 

10. 00 6. 00 2. 00 6 % 7 4 'la 7'/a 
12. 00 7. 50 2. 25 6 % 6 4 'la 7'/a 

0
Structurol or intermediate grade. 

directions. The longitudinal position resulting in maximum moment at a given location 
for any given span is easily calculated by co11ventional design procedures. However, 
once that is determined, it is necessary to determine what proportion of the truck 
wheel loads, a11d hence long"itudinal inoments, are supported by any given beam when 
the wheels are positioned transversely to cause maximum stress in that beam. (As 
used in this context, a beam consists of a single web, a steel flange, and the effective 
portion of the concrete slab acting with the single web.) The live-load distribution 
factor is the fraction of the moment of one longitudinal line of wheel loads (half of one 
truck, or half of one "lane" of loading equivalent to a single series of trucks on the 
span) that is carried by one beam when the bridge is loaded by trucks positioned to 
produce maximum moment in that beam. 

An exact calculation of live-load distributi o11 factors would be prohibitively com
plicated, since the load distribution depends on the stillness of the steel T-beams, 
transv :rse diaphragms, and concrete slab acting as a composite unit. On the basis of 
in-service experience , AASHO specifies a live-load distribution factor equal to S/5. 5 
fo1· steel-beam bridges with concrete decks, where S is the average spacing of beam 
webs measured in feet. It cou ld be a r gued that this AASHO factor might be uncon
servative for bridges with long·itudinal joints in the deck because the presence of the 
longitudinal joints might reduce the transvE~rse stiffness of the deck. However, the 
rigidity of the joint detail provided by the clamping action of the transverse tie rods 
would tend to keep any reduction in transverse deck stillness small. Furthermore, 
any reduction in deck stiffness could be counteracted by using more steel diaphragms 
between T-beams. Therefore it appears that reasonable designs can be obtained by 
using the AASHO live-load distribution factor. Nevertheless, two sets of bridge 
designs are included in the present study: one based on the AASHO live-load distribu
tion factor, and the other based on what will be called the "hinged-joint live·· load 
distribution factor." 

This second factor, which is computed from the equations given in Figure 3, is 
based on the hypothetical a..ssumption that the diaphragms between tees have no bendil1g 
stiffness and tha the longjtudinal joii~ts have zero bending rigidity; that is, they act 
like frictionless h.inges. The further conservative assumption is made that the beams 
are infinitely stiff compared with the stiffness of the slab, so that a load applied to the 
slab directly over a beam web would affect only that beam. Thus, the lateral distribu
tion of load to other beams provided by the slab is neglected. The conservatism of 
neglecting lateral distribution is indicated by the fact that when the spacing of wheels 
given by AASHO is used, theoretical distribution factors based on equally s paced, in
finitely stiff supporti11g beams (1. 000, 1. 200 1. 236 or 1. 336 corresponding to beam 
spacings of 3, 4, 5, or 6 ft, respectively) would be considerably greater for conventional 
bridges lhan the S/5. 5 specified by AASHO (0. 545, 0. 727, 0. 909, or 1. 091 corresponding 
to beam spacings of 3, 4, 5, or 6 ft, respectively). 
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TRUCK WHEE LS, EACH TRANSMITTING 
VERTICAL LOAD P, CAUSE A REACTION 

R ON ONE BEAM. 

THE COMPONENTS OF R DUE TO EACH WHEEL 
ARE COMPUTED SEPARATELY AS FOLLOWS: 

R -p1V/ <>l+PX(S
2
-X

2l 
I - \~' _, 45 ii!: Q 

p 
CENTER WHEEL 

p 
RIGHT WHEEL 

R =- Px21s•-x2 •i 
• 4S 2 a 

THE HINGED-JOINT LIVE-LOAD DISTRIBUTION FACTOR • R, + R, +R, p 

Figure 3. Loading di a grams and genera I formulas for hinged-joint I ive- load di stribution factors. 

For the different beam s pacings of the p1·esent s tudy, live-load distribution factors 
computed by the equations in F igure 3 were 1. 000, 1. 400 , 1. 390 (1. 400 was used ), and 
1. 532 for most critical position of loads on the 6-, 8-, 10-, and 12-ft wide units, r e
spectively (Fig. 2). The rules about spacing of wheels given by AASHO wer used to · 
develop the hinged joint live- load distribution factors. 

A different, less oonser valive asswnption -that the stiffness of the transverse dia
phragms causes all beams i n a give n bridge s pan to deflect the same amount-is allowed 
by AASHO for computing live-load deflections of bridges, and was also used for all 
deflection calculations of the p1·esent study. Most critical live- load distr ibutions based 
on this assumption wer e 0. 500 0. 750, 0. 750, and 1. 000 for t he 6-, 8-, 10-, and 12-ft 
wide units, 1·espectively (Fig. 2). 

Calculations for Beam Main Material 

Once the live-load distribution factors were determined, the beam requirements 
could be calculated by conventional bridge-design procedures. It was assumed that 
half of the concrete in each unit acted compositely with each steel T-beam. However, 
because of the many computations required for optimized solutions, a digital computer 
wa s used for calculations. Specifically, for a large number of different spans, several 
designs, differing only in the depth of the steel T-beams , were made for each of the 
eight cases: 6-, 8-, 10-, or 12-ft wide units with live-load bending moments determined 
by either the AASHO distribution factor or the hinged-joint distribution factor . 

Although the designs with the hinged-joint distribution factors apply specifically to 
the prefabricated bridges, the designs with the AASHO factors apply both to the pre -
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fabricated bTidges, with beam spacing as shown in Figure 2, and to shoi·ed cast-in-place 
bridges with equal spacing of T-beams, with the 6-, 8-, 10-, and 12-ft wide designs 
applying to the cast-in-place bridges with 3-, 4-, 5-, and 6-ft tee spacings, respectively. 

The data from these calculations, which should be useful to designers for estimating 
weight, selecting beam depths corresponding to minimum weight, and determinfog 
bottom-flange area required are indicated as curves in Figures 4 tltrough 11, one case 
being summa.rized in a h figure. In these figures, the bottom flange areas and weights 
of the steel T-beams per square foot of deck area were plotted individually as functions 
of span length. The weights in these charts do not include the weights oi the A36 steel 
diaphragms ab ut 2 to 3 psf, or the A36 steel beam stiffeners, about 2 to 7 psf. Any 
combination of flange thickness and width that does not violate the maximum width-to
thiclo1ess ratio of 12 stated in the specification for outstanding legs of flanges could be 
used to provide the required area, but if the thickness exceeds 3/.i in., an increase in 
area is required, as discussed next. All designs a.re based on a steel allowable bending 
stress of 27, 000 psi-the specification allowable stress for high strength A441 or A242 
steel % in. or less in thickness. If a plate thicker than % in. is used, the required 
area of the plate must be increased by a factor slightly greater than 1. 125, since the 
specification allowable stress for high-strength A441 or A242 steels in thieknesses 
exceeding% in. but not lY2 in. is 24, 000 psi. This reduction in the allowable stress 
corresponds to the reduction of the specified minimum yield point of A441 or A242 
steels from 50, 000 to 46, 000 psi when thicknesses exceed%. in. Alternatively, certain 
proprietary A441 (moilified) steels that maintain a specified minimum yield point of 
50, 000 psi for considerably greater thicknesses could be used for flanges thicker than 
:Y4 in. without increasing the area requirements. 

Although bending moments are usually the most important considerations in deter
mining the requirements for beam main material, shear forces sometimes set min~um 
thickness requirements for the webs. All webs in this study were stressed in shea1· 
well below the specification allowable value of 15 000 psi, and all meet the requirement 
for webs stiffened with transverse stiffeners, that the web thickness be not less than 
Y110 times the clear depth of the web defined as the depth between the bottom of the 
deck slab and the top of the bottom fla.nge plate. Where, in this study, the depth of the 
web exceeds aboul 15)'2 in. , i .e., 50 times the tl1ickness for steel with a 50, 000-psi 
yield point, th web must be stiffened with transverse intermediate stiffeners in ac
cordance with Section 1. 6. 80 of the AASHO specification to prevent shear buckling of 
the webs. 

Design of Studs Connecting Steel Webs to Concrete Decks 

The spacing of the steel studs which connect the tops of the web plates to the concrete 
deck slabs should be determined in accordance with Section 1. 9. 5 of the AASHO speci
fications, with the modification that the calculated shearing forces on the studs should 
be the vector sum of : (a) the horizontal shear from composite action, computed by 
conventional procedures, and (b) the localized vertical punching shear that would be 
caused by a truck wheel offset h rizontally a slight amount from the plane of the steel 
web. This vertical punching shear is nol described in the AASHO specifications and 
is not important in conventional beams with top flanges because the stud connectors on 
such beams are generally vertical and therefore only have to resist the horizontal 
shear from composite action. To determine approximately what intensity of vertical 
punching shear should be consider d in the stud designs of this study the Applied 
Research Laboratory pedormed punching tests on two composite specimens, each 
consisting of a 7-in. thick reinforced-concrete slab 10 It wide by 5'l'2 ft long cast with 
two vertical steel webs 6 ft apart. (The punching shear carried by each stud cannot 
be determined analytically because th longi.tudinal distribution of the wheel loading 
and the percentage of the total punching shear that is carried directly by the web are 
not known.) Thus, the specimens represent a section of a composite bridge with 10-ft 
wide deck units (Fig. 2). As a result of these tests, it was suggested that the maximum 
vertical punching shear per stud, due to dead load and HS20 live load and impact, be 
342S lb, where S is the spacing of studs on one side of the web in inches. Studs should 



40 

~ 0·1-~~~-1~~~~-1-~~-r~+-~~-/'---ji--~__.,,,~-+~-y 

~ ~ N ., 
t- ":I 
rJ ~ 
"' -~ 0 ~11-~~~--.,l~~~-/f.4-~~.?-~-l-7"~.,,;.-Y'F-~""°"~,,:ji~P-::'--~-t-~~~~f-~~~--ji~~~~-t~~~~1 

~~ 
t- • 

G t 
;;; ~ 

~ ~ 2F---,,..<:'--,d:;-"'-~~-1-~~~~1-~~~--1:--~~~-t-~~~~;-~~~~1-~~~~1~~~~-1-~~~~ 

40 45 so 55 60 70 75 
SPAN LENGTH, feet 

Figure 4. Six-ft wide composite bridge unit with two inverted T-beams, based on AASHO live-load 
distribution factor. 
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Figure 6. Eight-ft wide composite bridge unit with two inverted T-beoms, bosed on AASHO live-lood 
distribution foctor. 
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lood distribution factor. 
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distribution factor. 

Figure 9. Ten-ft wide composite bridge unit with two inverted T-beams, based on hinged-joint live
load di stribution factor. 
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lood distribution factor . 

...I 

"'"' Q ~ ~i---:~~-:-'-1--~.;z...~~1"-~.,pt:.~-H~~-,;~~-,;>"-~-t-~~~~f~~--::~ 
.... " u ...I "' ... 
"' . "' 
"'0 

~ ~ •l---.....,,,'°'---:>"f-~-7"'--""7t<---::""'"~-c.V"--~~--1~~~--:.,.,--
5 "' 

35 40 50 SS 
SPAN LENGTH, 1111 

60 65 70 75 

Figure 1 l. Twelve-ft wide composite bridge unit with two inverted T-beoms, based on hinged-joint 
live-load distribution factor. 



44 

be equally spaced on both sides of the web, and to minimize the possibility of the web 
warpiHg, they should be placed direclly opposite ach olbe::r. Because the punching
shear formula was derived from tests on a 10- ft wid onfiguration, it can also be 
applied conservatively to th e 8-ft wide and G-It wide configurations. Also, since the 
total live-load punching shear for the 7 '12-ft web spacing of the 12-ft Wide bridge units 
is theoretically only about 3 percent greater than the total live-load punching shear 
for the 6-fl web spacing of the tests it also appears satisfa tory to apply the formula 
to bridges with the 12-ft wide configura tion. 

To det rmine whether %- in. diameter studs could be used in the present designs 
without objectionable crowding, stud-spacing calculations were made for 16 typical 
bridge designs with spans ranging from 40 to 70 It and with span-to-web depth ratios 
1·anging from aboul 18 to 20. Specifically the ma.."dmum allowable spacing at the end 
of span was calculated for %-in. diameter by 4-in. long steel studs that have an ultimate 
shearing strength of 11, 000 lb per connector when embedded in concrete with an 
ultimate compressive strength of 3, 500 psi. The calculated stud spacing on each side 
of the web .ranged from about 5. 2 in. for a G-ft wide unit to about 3. 2 in. for a 12-ft 
wide unit. Thus, it appears that the use of %-in. diameter studs would no generally 
result in objectionable crowding of s tuds, but that the use of smaller diameter studs, 
which have less strength, would probably r esult in an undesi1·ably close spacing. 

For a particular bridge, the most efficient sluu ~µacing, which may vn.1•y by steps 
along the length of the bridge, can best be selected by the designer. Therefore, stud 
spacings are not given herein. 

DESIGN OF BRACING BETWEEN BEAMS 

To help distribute live loads and to resist racking from wind and other causes, the 
AASHO specifications require that in beam or girder bridges intermediate lransverse 
bracing between adjacent beams or girders be placed at longitudinal intervals not 
exceeding 25 ft. However, the strength and stiffness requirements for the bracing are 
not specified and cannot readily be calculated. Therefore, the design of such bracing 
is based on engineering judgment or "rule-of-thumb" methods. In composite beam 
bridges of the span range considered here, a diaphragm consisting of a steel channel 
is usually used as the bracing. 

To insure adequate live- load distribution so that the AASHO distribution factor may 
be confidently used for the present designs in spite of the existence of the slab longi
tudinal joints between adjacent units, it would be desirable to provide more transverse 
stiffness than is usually provided. This could be accomplished by using X bracing or 
stiff beam diaphragms and/or r educing the spacing of the bracing. As in conventional 
designs, however, the exact selection of the bracing must be left to the individual 
designer's judgment, because the bracing requirements are too complex to be readily 
calculated. 

The end diaphragms, however, support the wheel loads positioned on the deck in the 
vicinity of the end bearings of the beams, and do not affect the apparent rigidity of the 
longitudinal joints. Therefore, the end diaphragms should consist of rolled beams, 
designed to support a 16, 000-lb vertical wheel load, plus 30 percent for impact. 

PREFABRICATED COMPOSITE BRIDGES WITH INVERTED STEEL 
T-BEAMS VS PRESTRESSED CONCRETE BOX-BEAM BRIDGES 

In 1963, four members of the Indiana Steel Fabricators Association prepared 
detailed cost estimates for fabrication at plant, not delivered to site, of a 50-ft bridge 
consisting of one 10-ft wide and two 8-ft wide prefabricated composite units with in
verted steel T-beams. On top, a 24-ft wide roadway is flanked by two 1-ft wide 
escape walks with post-and-guardrail railing attached. Each prefabricated unit has 
a pair of 33- by ~win . A441 steel webs, and the A441 steel bottom flanges are 97'2 by 
% in. in the 10-ft wide unit and 6Y2 by % in. in the 8-ft wide units. A total of 156 %-in. 
diameter by 4-in. long steel studs is welded to each web of the 10-It wide unit and 
128 studs are welded to each web of each 8-ft wide unit. Intermediate diaphragms 
between beam webs, which are spaced at 10-ft intervals in the longitudinal direction, 



TABLE 2 

ESTIMATED COSTS OF 50-FT LONG PREFABRICATED 
COMPOSITE BRIDGE MADE WITH INVERTED 

STEEL T-BEAMS 

Cost of Units 
Fabricator 
Identifying 

Lettera 

($ per sq ft of bridge deck) 

A 
B 
D 
E 

Avg. 

Structural Steel b 

3. 62d 
3. 62 
5. 40 
2. 96 
3. 90 

Reinforced 
Concrete 

1. 77 
2. 04 
2. 04 
1. 58 
1. 86 

Total for 
Finished Unite 

5. 39 
5. 66 
7. 44 
4. 54 
5. 76 

~In lndiono Stee l F<lbricotors Assoc. correspondence . 
Including beams, stud., stiffeners, bracing, ralllng, and tie rods. 

~Ready lo be shipped from fobrlcalian plant. 
Fobricotor A did not include the cost of guordrall. The other fabricotors 
did include the CC!SI of guardrai l. 
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are X bracings consisting of A36 steel single angles 4 by 3 by 7'16 in., and the transverse 
diaphragms at the encl of the span are A36 steel channels weighing about 20 lb per foot. 
The design loading was HS20, and the AASHO live-load distribution factors we1·e used 
in the design. The fabricators' detailed estimates for this bridge are given in Table 2. 

An August 1963 survey of three major Michigan producers of concrete products 
indicated that the- cost of 27-in. deep prestressed concrete box beams adequate to span 
50 ft under H.S20 loading, delivered to a job site but not erected, was currently about 
$6. 25/sq ft of bridge deck. However, it was not possible to determine the cost at the 
fabrication plant, because the producers usually absorb freight charges and sell 
directly to contractors at job sites. Nevertheless, one of the producers stated that 
throughout continental United States the cost at the fabrication plant of 27-in. deep 
prestressed concrete box beams capable of spanning 50 ft, figured as selling price 
minus freight cost, is probably between about $4. 25 and $5. 75/sq ft of bridge deck. 
On the basis of about $0. 50/sq ft for railiJlg, the cost at the fabrication plant 
would be between about $4. 75 and $6. 25/sq ft for the prestressed concrete box 
beams. These costs compare closely with the fabricators' estimates indicated in 
Table 2. Therefore, it appears that prefabricated composite bridge units with inverted 
steel T-beams would be competitive with prestressed concrete bridges. 

CONCLUSION 

It thus appears that prefabricated composite highway bridge units with inverted 
steel T-beams would be both structurally adequate and economical. However, to 
demonstrate the performance of U1ese p1·efabricated bridges and to determine ex
perimentally the approp1·iate live-load distribution factors, it would be desirable to 
build and test a prototype bridge. 
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ABRIDGMENT 

•THE general philos ophy behind this study is that information is generated during 
dri ving which can yield a measure of the s ta tic bearing capacity. Until recently, due 
to high fr equency dynamic effects generated by the driving op eration, pe r manent set 
was the only measurement whi h could be made r eliably. This limitation led to the 
use of the energy approach upon which the numerous pile formulas are based. 

Developments in electronic instrumentation and transducers in the past few year!:! 
make it possible to consider making routine acceleration, velocity and force measure
ments on piles during driving. 

A single force-balance theory is proposed to relate dynamic measurements to static 
capacity. This theory has sufficient simplicity for use on a routine basis. It assumes 
the pile to be a rigid body struck by a time-varying hammer force. Motion of the pile 
is resisted by a force, R, given by a series 

R (t) = Ro+ R1 v + R2 v2 + R3 Y + ... 

where vis the velocity of the pile and Ro, R1, R2, etc., are consta nts (Poncelet' s Law). 
Ro represents the static bearing capacity. If the pile is exami ned under the action of 
these forces with Newton's equation the resistance is found to be 

Ro = F (to) - m a (to) 

where m is the mass of the pile, a (t) is the acceleration and to is the time when v = 0. 
Ther efore it is necessary lo measure F (t) and a (t). 

Equipment was assembled to make the necessary measur ements. Accelei·a tions 
were measured a short distance below the top of the pile using a piezoelectric a ·celer
ometer. For ce measurements were made with resistance strai n gages atta ched 
directly to the pile. A continuous record of force and acceleration was obtained on a 
high- speed oscillograph. 

Data were collected from two different sources. Small-scale piles were driven using 
an apparatus constructed for that purpose. In addition, records were obtained from 
full-scale test piles driven and load tested in connection with Ohio Highway Department 
construction projects. 

The small-scale piles were made of 21/2-in. diameter steel pipe. They were driven 
to depths of up to 20 ft in a medium-coarse, well-graded sand. Static pile capacities 
were measured by both rapid and slow load tests. The results of the tests are given 
in Table 1. It was observed that much better correlation was obtained if the pile was 
re-driven after performance of the static load test. Thus, the effect of "set up" of the 
pile was obtained. The proposed theory predicts ultimate capacity. Consequently, 
when the load test was not carried to ultimate but was stopped at some predefined slope 
of the load displacement curve, it was necessary to extrapolate the curve upward to 
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TABLE 1 

EXPERIMENTAL RESULTS 

Results at End of Driving 
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Results After "Set up" l"eriod 

Pile Soil Type 
Rapid Test Dynamic Prediction Rapid Test Slow Test Dynamic Prediction 

(kips) (kips) (kips) (kips) (kips) 

Model 13-1 Sand 8.86 8.65 5. 32 
Model 15-1 Sand 11. 4 9.91 
Model 15-2 Sand 10. 39 12. 9 12.7 
Model 15-3 Sand 14. 8 13. 0 18. 3 20. 66 
Model 15-4 Sand 9. 71 10. 6 11. 31 
Model 15-6 Sand 9. 71 12. 1 13.54 
Model 15-7 Sand 9.94 14. 0 16. 49 
Full-scale 138 Silt and clay 119 270. 0 260-300 
Full-scale 113 Sand 244 200-240 
Full-scale 103 Sandy silt 196-220 222 
Full-scale A Sandy silt 2:;2 230-280 281 

ultimate. The proposed theory was applied to the results of studies conducted in 
Michigan (1). The results are given in Table 2. 

Based on the results from this project and the Michigan tests, the correlation with 
the proposed simplified theory is very promising. Further tests are necessary in a 
variety of soil types. Full-scale tests are particularly important and useful. Any 
IT\ethod of prediction of static capacity based on measurements obtained during driving 
can be expected to predict the capacity at the time of measurement. Estimates of 
strength gain must be based on soil studies. The use of the system described here in 
co1mection with re-driving appears to provide an accurate strength measure. 

The wide variety of ultimate load capacities measured on the model piles is disturbing 
to the concept of the single-load test ihle. These piles were quite closely spaced but 
their capacities differed rather widely. The use of the system proposed here would 
make practical the dynamic testing of inany piles. 

REFERENCE 
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Highway Commission, Lansing, March 1965. 

TABLE 2 

PROPOSED THEORY APPLIED TO MICHIGAN RESULTS 

Load Test Proposed Theory 
Pile Designation Soil Condition Capacitya Capacityb 

(tons) (tons) 

Belleville 
LTP-1 Clay 120 107 
LTP-3 Clay-tip in very 

fine sand and silt 210 58. 9 
LTP-6 Clay-tip in very 

line sand and silt 250 197 

Detroit 
LTP-1 Clay 32. 5 22. 7 
LTP-2 Clay 53. 6 59.7 
LTP-7 Clay 190 58.3 
LTP-8 Clay 250 52. 6 

Muskegon 
LTP-2 Sand 125 115 
LTP-3 Sand 75 71.7 
LTP-9 3 Layers 

loose sand 
soft sed's peat 290 193 
compact sand 

0
This value is obtained from extrapolation of the load-settlement curve given for each pi le. 

bThe value given is the plastic failure load. 
Load obtained from considering both pile wt and plain driving cap and cushion assembly. 


