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Foreword 
This RECORD presents to soil, design, and construction engineers infor
mation of particular use in expanding the state of knowledge regarding 
certain phases of laboratory and field testing of soils with the implications 
of such knowledge. The paper covers research on many soil types. Lat
erites are included for they are becoming of increasing interest as road
building activities are ip.tensified throughout the world. Developing nations 
are learning that basic soil problems must be overcome before a success
ful road system can be developed. 

As an aid to engineering judgment, which remains as a necessary de
sign ingredient, Nielson, Bhandhausavee and Yeb present a method for 
estimating the modulus of soil reaction for use in designing flexible metal 
pipe. The method makes use of the AASHO standard compaction test as a 
guide. Obrcian and Kane each present pertinent information relating to 
the consolidation testing of soils. A more thorough understanding of the 
mechanism of the test and the behavior of the soil during the test lead to a 
better interpretation of the test results and thereby a more rational appli
cation. The laboratory test described by Dove, Williamson, and Walsh 
was developed in an effort to fill an obvious need regarding large-size ag
gregate courses and realistic compaction control. 

Higgins' correlation of the Menard pressuremeter results from the field 
with those from laboratory testing of undisturbed soil samples indicates 
that some very meaningful data may be so obtained. This method offers 
some distinct advantages, especially when used with more or less homo
geneous fine-grained soils. Spencer, also interested in field testing, de
scribes the development of "hand-feel" tests for the use of experienced 
technicians in the control of plasticity in bank run gravel production. While 
not as esoteric as many, the timeliness of this approach is in keeping with 
the numbers of miles of unsurfaced county and local roads that are up
graded through the addition of low-cost aggregate. Success of this meth
od and that developed by Rostron, Schwartz and Gioiosa, which details a 
drop hammer penetrometer for density and moisture delineation and con
trol, will depend on the continued acceptance of these test methods as 
production control methods only and not as precise scientific tests. 

Lateritic soils in their broad definition are described by Townsend, 
Manke and Parcher in relation to Panama and by Vallerga and Rananandana 
in relation to Thailand. Both presentations enlighten the reader concern
ing problems with these soils and help to provide some basis for caution. 
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Determination of Modulus of Soil Reaction 
From Standard Soil Tests 
F. DWAYNE NIELSON, New Mexico State University; 
CHOOSIN BHANDHAUSAVEE, Thailand Highway Department; and 
KO-SHING YEB, New Mexico State University 

In 1942, Spangler (6) presented an equation for determining the 
deflection of flexible metal pipe embedded in soil. The form
ula involved a soil modulus called the modulus of soil reaction. 
To date, no practical means have been presented for determin
ing this modulus for design purposes. The objective of this 
research program was to find a correlation between the modu
lus of soil reaction (E') and the results obtained from the CBR 
test, Hveem's stabilometer test and standard soil properties 
such as density, compaction, moisture content, and plasticity 
index. The theory of elasticity was used to determine the re
lationship between E' and the CBR value. Laboratory tests 
show that the relationship obtained yields results satisfactory 
for most design situations. Suggested design values based on 
the CBR test are also given. 

The relationship between E' and the R-value determined 
from Hveem's stabilometer test was determined by using an 
empirical correlation presented by the California Division of 
Highways between the R-value and the plate-bearing test. The 
theory of elasticity was then used to relate the plate-bearing 
test to the modulus of soil reaction. Slight empirical adjust
ments had to be made in the California correlation; however, 
laboratory results indicate a satisfactory correlation. For the 
situation where the installation is to be small and laboratory 
tests such as the ones just described are not feasible, the mod
ulus of soilreaction has been related to relative compaction of 
the soil. Other items included in the dimensional analysis 
were unit weight, plasticity index, moisture content and the 
difference in density between the AASHO Designation T180 and 
T99 standard compaction tests. The results of the study indi
cate that approximate value for the modulus of soil reaction 
can be obtained from a simple compaction test . 

• FLEXIBLE pipes are being widely used in the construction of culverts and other under
ground conduits, partly because of their comparatively light weight and ease of trans
portation and construction. The design of flexible pipe should be based on the deflection 
of the pipe as well as the ring compression or stress in the pipe wall. 

The ultimate horizontal deflection of a flexible pipe under a fill can be predicted by 
Spangler's formula (~): 

KWc rs 
~X=------

EI + 0.61 E' rs 

Paper sponsored by Committee on Buried Structures and presented at the 48th Annual Meeting. 
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(1) 
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where 

AX = horizontal deflection of pipe, in.; 
K = bedding constant; 

W c = load on culvert, lb/in.; 
r = mean radius of pipe, in.; 

E = Young's modulus of elasticity of pipe, psi; 
I = moment of inertia of pipewall, in. 4 /in.; 

E' = modulus of soil reaction = er, psi; and 
e = modulus of passive resistance psi/in. 

Eq. 1 involves a soil modulus called the modulus of soil reaction which can also be 
defined as 

E' = b/AX/D (2) 

where h = maximum pressure at the horizontal diameter of the pipe, psi. Other vari
ables are as defined for Eq. 1. 

It is generally recognized that the weakness of the Iowa formula is in the evaluation 
of the modulus of soil reaction. Many different attempts have been made to determine 
this modulus in the laboratory; but, to the present time, no convenient method has been 
presented. The Modpares device constructed by Watkins and Nielson (9) appears to 
give satisfactory results, but the complexity of tne test and the time required to per
form the test limits its usefulness. Nielson (5) has also shown that the modulus of soil 
reaction can be determined from the triaxial shear test, but the triaxial shear test is 
not normally performed on materials used in highway construction. The suitability of 
a material for use in a highway is usually determined by the California Bearing Ratio 
(CBR) test or the Hveem stabilometer (R-value) test. This paper presents the relation
ship between the modulus of soil reaction and CBR value, R-value, consolidation test, 
and other soil properties. 

Nielson (5) has established a relationship between the modulus of soil reaction, E' 
and the modulus of elasticity of the soil, E, by using the theory of elasticity. He con
cluded that the modulus of soil reaction, E ', can be approximated by 

, Es (1 - us) 
E = 1.5 M* = 1.5 (1 + Us} {l - 2us} 

where 

E' = modulus of soil reaction, psi; 
Es = modulus of elasticity of soil, psi; 
Us = Poisson's ratio of soil; and 

(3) 

M* = constrained modulus of elasticity of soil, psi, = [Es (1 - us)]/[ (1 + us) (1 - 2us)J. 

Eq. 3 shows that the modulus of soil reaction is dependent only on Poisson's ratio and 
the modulus of elasticity of a given soil. 

CBR TEST 

The CBR is a penetration test developed by the California Division of Highways for 
the evaluation of the strength of subgrade soils. The test consists of measuring the load 
required to cause a plunger of standard size to penetrate a specimen of soil at a speci
fied rate. 

Test procedures for laboratory analysis can be found elsewhere (1). Theoretically, 
the behavior of soil under a stress condition similar to the CBR tesCcan be predicted 
by applying the theory of elasticity. The soil must be assumed to be homogeneous and 
isotropic. 

Timoshenko and Goodier (8) presented a formula to evaluate the displacement of an 
absolutely rigid piston pressed against the plane boundary of a semi-infinite elastic 
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solid. The displacement is considered to be constant over the circular base of the die 
and its value is given by 

where 

A= displacement of the die, in.; 
a = radius of the die, in.; 
p = unit load on die, psi; 

us = Poisson's ratio of soil; and 
Es = modulus of elasticity of soil, psi. 

{4) 

The CBR test is performed quite similarly. The CBR piston can be referred to as 
an absolutely rigid die because of its high stiffness in comparison with the soil. It is 
assumed that the boundary condition of the CBR mold does not affect the displacement 
of the plunger since the diameter of the mold is much larger than the diameter of the 
plunger. Consequently, Eq. 4 can be used to establish a theoretical relationship be
tween load, displacement, Poisson's ratio, and the modulus of elasticity of a given soil 
by the CBR test. 

The modulus of elasticity can be determined from Eq. 4 as 

E _ '"a (1 - us
2

) P 
s - 26. 

{5) 

For an ideal elastic material, E will be constant. This is not the case with soil be
cause the stress-strain relationship is nonlinear. In other words, the modulus of elas
ticity of soil does not remain constant. However, its value at a certain load or defor
mation can be approximated from the CBR test by substituting the secant slope of the 
CBR curve {P/ A) into Eq. 5. 

When Eq. 5 is substituted into Eq. 3, the resulting equation relates the modulus of 
soil reaction and the slope of the CBR curve {P/ /j,) as follows: 

Let K = P/ A, then 

0. 75 1T a {1 - us>2 P 
E' = - - -------

E' 
0. 75 1r a {1 - us) 2 K 

{1 - 2us} 

{6} 

(7) 

The value of K can be written in terms of the CBR-value. The CBR-value is the 
load, in pounds per square inch, required to force the plunger into the soil a specified 
depth. It is expressed as a percentage of the load required to force the plunger the 
same depth into a standard sample of crushed stone. 

CBR (%) = unit load on plunger (psi) x 100 
standard unit load (psi) 

(8) 

The standard unit loads for crushed stone are as follows: 0.1-in. penetration, 1,000 
psi; 0.2-in., 1,500 psi; 0.3-in., 1,900 psi; 0.4-in., 2,300 psi; and 0.5-in., 2,600 psi. 

The unit load generally used for highway design is the load at 0.1-in. penetration 
which yields 

p 
CBR (%) = 71m0 100 or P = 10 CBR (%) (9) 
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TABLE 1 

DASIC PROPERTIES OF SOIL SAMPLES 

AASHO Specific 
T-180 Max. T-180 Opt. Plasticity 

Soil Dry Density Moisture Content 
Class . Gravity (pcf) (4) 

Index 

Fine sand A-2-4 2. 61 115.8 9.60 None 
Silly sand A-2-6 2.50 112.0 14.50 17.1 
Sa nd-gravel 

with fines A-1-b 2.63 124.0 8.50 None 
Coarse sand A-2-4 2.66 105.8 7.05 None 
Well -graded 

soil mixture A-1-a 2. 70 134.1 6.45 None 

The slope of the CBR curve, K, at 0.1-in. penetration, can be expressed as follows: 

P P 10 
K =A= o.r = 0.1 CBR = 100 CBR (i) (10) 

By substituting Eq. 10 into Eq. 7, the relationship between the modulus of soil reac
tion and the CBR value at 0.1-in. penetration can be obtained as 

0.751ra (1 - us>2 
E' = ------=-- 100 CBR (1,) (11) 

A value of 0. 25 for Poisson's ratio was used to correlate laboratory data and is 
recommended for design work. If Poisson's ratio equals 0.25 and a= 0.975 in., Eq. 11 
can be reduced to 

E' = 260 CBR (~) (12) 

To verify Eq. 12, a laboratory study was made to compare the modulus of soil reac
tion, as determined by the CBR test, with the values obtained from the Modpares device 
(9 ). Five different soils obtained in the vicinity of Las Cruces, New Mexico, were used. 
Their basic properties are given in Table 1 and the grain size distribution curves are 
shown in Figure 1. AASHO procedures were used in obtaining the data. 
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Opening in lnol'lea u. s. Standard SI eve Numbers 
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Figure 1. Grain size classification of the soil samples. 
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To make the results from the Mod- 0000 

/ pares test comparable with results 
from the CBR test, it was necessary 
to make the moisture content, dry den
sity, and compactive effort used to 
compact the soil the same for each 
test . The numerical results for nine 
sets of tests are given in Table 2 and 
shown in Figure 2. 

The modulus of soil reaction ob
tained from the CBR test is only about 
83 percent of the value obtained from 
the Modpares device. There are two 
possible explanations for this differ
ence. Perhaps the wrong value of 
Poisson's ratio was used. As can be 
seen from Eq. 11, E' depends on the 
value of Poisson's ratio. If a larger 
value of Poison's ratio had been used, 
the curve would have been much closer 
to a 45-deg line. 

700 / 
/ 

0000 / 
LEAST-SQUARES EQUATION Y•0.12AX+12.l 1/ e- .... .....__ 

/ ·--

llOOO 
,..,v 

0 
/ • flNE 9AfC) 

2000 ./ • CLAY 
• SAHl)-ORNEL WITH FtNES /v • COARSE._ 
•.U.L-ORADED MIXTURE 

1000 

0 / 
1000 2000 5000 4000 5000 8000 "/000 8000 9000 10000 

E'5 FAOM ~RES DEVICE (p1I) 

Figure 2. Relation of E' from Modpares device and 
CBR test. 

The second possibility, and the one which seems to be more likely, is the nonlineari
ty of the CBR l oad penetration curve. Nielson (5) has shown that the percent deflection 
of the pipe is AX/D = 2e- , where e- is the strain in the soil occurring at the horizontal 
axis of the pipe. To get an estimate of the strain occurring under the penetration piston, 
the equation for strain under a circular plate as presented by Wu (11) for a uniformly 
distributed load is used: -

where R = radius of loaded area, and Z = depth below surface. 
If other variables are as previously defined with u = 0.25 and Z = 0, then the strain 

E"z can be formed. But AX/ D = 2E, therefore, by assuming that the str ain produced by 
a uniform load is r epresentative of the str ain produced by the pipe, the deflection of the 
pipe can be reduced to a function of the pressure acting on the soil and the soil prope.r
ties Es and us· Solving for 

AX 2P 
I) = E (1 - 2us) (1 + us) 

s 

or if u = 0.25 and ~ = 0.05 (corresponding to 5 percent deflection of the pipe) 

p = 0.04 Es 

TABLE 2 

COMPARISON OF E' FROM CBR TEST AND MODPARES DEVICE 

CBR Test, Modpares Device, CBR Test, Modpares Device, 
E' (psi) E's (psi) E' (psi) E's (psi) 

1788 1821 4019 5054 

1971 1863 3953 5184 

2986 3683 5422 6053 

3293 4032 6625 7568 

3899 4717 

(14) 

(15) 
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TABLE 3 

SUGGESTED VALUES OF MODULUS OF son, 
REACTION FOR DIFFERENT CBR-VALUES 

BASED ON EQUATION 18 (16) 

CBR 
(%) 

Modulus of Soil Reaction at 5% Deflection, E', (psi) 

If Eq. 15 is substituted into Eq. 4, 

l::i,.c.: 11a (0.04) Es (1 - u/) 

2Es 

u = 0.20 u = 0.25* u = 0:30 u = 0.35 Substituting values, 
1 
2 
3 
4 
5 
6 
7 
8 
9 

10 
11 
12 
13 
14 
15 
16 
17 
18 
19 
20 

201 
498 
794 

1090 
1387 
1683 
1979 
2276 
2572 
2868 
3165 
3461 
3757 
4054 
4350 
4646 
4942 
5239 
5535 
5831 

212 
525 
827 

1150 
1462 
1775 
2088 
2400 
2713 
3025 
3338 
3650 
3963 
4275 
4588 
4900 
5213 
5525 
5836 
6150 

231 
572 
912 

1252 
1593 
1933 
2273 
2614 
2954 
3294 
3634 
3975 
4315 
4655 
4996 
5336 
5676 
6017 
6357 
6697 

*Poisson 1S Ratio, u = 0.25 is recommended for design work. 

266 
657 

1049 
1440 
1831 
2222 
2613 
3005 
3396 
3787 
4178 
4570 
4961 
5352 
5743 
6135 
6526 
6917 
7308 
7700 

Ac: 0.54 in. 

The assumption that the strains induced 
by a uniformly distributed load on the sur
face is representative of the strains induced 
by the pipe is probably not a realistic one; 
however, the results indicate that the pene
tration of the CBR plunger used to determine 
the CBR value should be considerably less 
than the 0.1 in. used. Data obtained by Yeh 
(10) show that modulus of soil reaction for 
03°'4 in. penetration is higher than value ob
tained at 0.1-in. penetration. 

In order to avoid the problem of deter
mining the CBR value at 0.54-in. penetra
tion, the relationship between the modulus 
of soil reaction, as determined from the 

CBR test at 0.1-in. penetration, and the Modpares test was evaluated by the method of 
least squares. The equation for the straight line shown in Figure 2 was found to be 

E' CBR = 82.57 + 0.829 E' Modpares (17) 

If the modulus of soil reaction, as determined by the Modpares device, is assumed 
to be the correct one, then i.t can be related to the CBR value by substituting Eq. 12 in
to Eq. 17. Thus, it follows that 

E' = 312 CBR - 100 (18) 

or neglecting the 100 which is probably experimental error 

E' = 312 CBR (19) 

Table 3 and Figure 3 are suggested design values based on equations similar to 
Eq. 18. 

5 
" ~ 1ooooir--- +---+ - ~-,i~=--l 
.J 
i5 
~ 

... 
0 

~ 
~ 
i 

10 2 0 30 
CALIFORNIA BEARING RATIO AT o., .. INCH PENETRATION ( p1ro1nt) 

Figure 3. Relationship between CBR and mod
ulus of soi I reaction. 

Laboratory data show tha,t granular soil 
with large amounts of clay binder, which pro
~uce extremely high CBR values, do not fit the 
data presented. Table 3 and Figure 3 should 
not be used for this type soil as the values 
predicted will be much too high. 

HVEEM ST ABILOME TER TEST 

The relation between the R-value from the 
Hveem stabilometer test and the (K-value) 
plate bearing test is shown in a California 
Division of Highways Report (3). The report 
presents three different curves relating K
value and R-value (Fig. 4). The tentative 
empirical eurve was selected to relate the 
K-value and R-value. To make results from 
the Hveem stabilometer test comparable with 



the Modpares dt:!vlce, the lower part 
of the curve for clayey soils and the 
upper part of the curve for granular 
material had to be empirically ad
justed as shown in Figure 4. A least 
squares fit of a polynomial equation 
for the adjusted curve yields a re
lationship relating K-value and R
value as 

K = 0.401 + 2.546 R - 0.042 R2 

+ 0.0008 R3 (20) 
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Timoshenko and Goodier (8) have 
shown from the theory of elasticity 
that, when a distributed load is applied 
over the circular area, the deflection 
at the edge can be expressed as 

0 ,o •o '. 60 10 00 
A- Va lue 

Figure 4. Relationship of K-value and R-value, 

4 (1 - u2
) pa w= - --~~ 

where 

w = deflection at edge of load area, in.; 
u = Poisson's ratio; 
p = uniform load, psi; 
a= radius of circular area= 15 in.; and 
E = modulus of elasticity, psi. 

ff E 
(21) 

It is assumed that Eq. 20 can be applied to the plate bearing test because in the plate 
bearing test, loads are distributed on the steel circular plate, and deflections are meas
ured near the edge of the plate. 

The modulus of subgrade reaction (k-value), as obtained from the plate bearing test, 
can be expressed as : 

k = 1/A 

where 

k = modulus of subgrade reaction, psi/in.; 
p = uniform pressure on the plate, psi; and 
A= deflection of the plate, in. 

Eq. 21 can be rewritten as: 
4 (1 - u/) pA 

Es = __ W_ ff _ _ _ 

in which p/w = p/A = k. 

Therefore, Eq. 23 can be reduced to 

4 (1 - u/) k a 
E =------s ff 

Substituting Es from Eq. 24 and Eq. 20 fork into Eq. 3 yields: 

E' = 6 a (1 - us) 2 (-0.401 + 2.646R - 0 .042R2 + 0.0008R3
) 

(1 - 2us) 

(22) 

(23) 

(24) 

(25) 
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Figure 6, Comparison of E' calculated by 
Hveem stabi lometer test and Modpares device 

at 5 percent deflection. 

The results from a series of tests (2) are shown in Figures 5 and 6. Eq. 25 seems to 
fit the modulus of soil reaction at 3 percent deflection (Fig. 5) better than it does the 
value at 5 percent (Fig. 6). Figure 7 is a suggested design chart based on Eq. 25. 

CONSOLIDATION TEST 

Most textbooks on strength of materials give the stress-strain equations for triaxial 
loading as 

1!,000 
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I /, • I// I 
1000 

I/ /' 

I 
eooo 

J v; 
--- V l/1 j 
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2 

V, ~ 
1000 

~ 
,, 

0 
0 10 20 !O 40 50 CIO 70 ao 00 100 

R-VOlue 

Figure 7, Relationship between R-value and 
E'-value, 

where 

_ 0-2 ucri UO's 
o-E-E-~ 

E:g = O's _ U0'1 _ U0'2 
E E E 

E = modulus of elasticity; 
u = Poisson's ratio; · 

£ 1, E 2, E 3 = principal strains; and 
0'1, 0'2, 0'3 = principal stresses. 

(26a) 

(26b) 

(26c) 

If one applies Eqs. 26 to the consolidation 
tests, o is the strain in t he vertica l direction, 
and £2 and £3 are zero because of the rigid con
fining r ing (Fig. 8). Also, because of the sym
metry of the loading, cr2 is equal to as. 

Applying these conditions, Eqs . 26 reduce to 

(27a) 

0 = 0'2 (1-u) - U0'1 (27b) 
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Solving Eq. 27b for a2 and substituting 
it back into Eq. 27a yields 

IZu,----- --- -~....-----.---~---. 

11 0 

~~!11n1no 
100 Rll,o 

90 A - - --+-----11----,'----I--I 

00 - ---+---t--+---+-1 
or 

a1 _ E (1-u) _ * _ r; - (l-u) (l-2u ) - M - slope of curve 
(28) 

Comparing Eq. 28 with Eq. 3, the mod
ulus of soil reaction is equal to 

E 1 
= 1.5 (~i) (29) 

_ 70 "'I 

:~ / ~-+-y~>"'-t---1----+---I 

X 

1 

Figure 8 shows a set of data obtained 
on an arroyo sand. The slope of the curve 
beyond about 1. 5 percent strain should not 
be used to determine the modulus of soil 
reaction since the increase in slope is due 
to a "locking_ up" of the soil grains result-

o.s 1.0 1.5 2 .0 2 . 1 

Soll Strain CPer Can1) 

Figure 8, Confined stress-strain curve for deter
mining modulus of soi I reaction, 

ing from the confined nature of the test which is not exhibited in buried pipe installation. 
This method can only be used to determine E' for deflections less than approximately 
3 percent deflection. 

OTHER SOIL PROPERTIES 

Various soil properties are known to affect the modulus of soil reaction. The princi
ples of similitude can be used to determine the relationship between E' and these 
variables. 

Inasmuch as the modulus of soil reaction is a function of the properties of a soil 
sample, the assumed mathematical model can be expressed 

E' = f (Yd, 'Y18Q, 'Ydif, r, PI, W) 

where 

E' = modulus of soil reaction, psi; 
'Yd = the density of soil sample used in the experimenta l test, pcf; 

'Yl80 = the density of AASHO Designation T180 compaction, pcf; 
W = the moisture content of a soil sample, dimensionless; 

'Y dif = the difference between the density of AASHO Designation Tl80 and T99 
compaction, pcf; 

r = mean radius of the pipe, in.; and 
PI = plasticity index, dimensionless. 

(30) 

There are seven fundamental variables and two dimensions; therefore, according to 
Buchingham's ,r-theorem, the number of 1T - terms should be 7 - 2 = 5. 
These five 1r-terms may be expressed as follows : 

1Tl = 
E' 

r i'180 
(31) 

1T2 = yd 
'>'180 

(32) 
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1Te = PI 

The 1T-terms can be arranged into a functional equation form as follows: 

From the data obtained from experimental tests (4) the modulus of soil reaction 
seemed to have little correlation with 1T3, 1T4, or 1Ts, -

The 1r-term equation was reduced to 

0 oz 

~ 
o.aa 

l! 
• 

o. 

0 

o,, _ __._.._.__._~~--~-.,__...__.._.~~~-~--~ 
1,000 10,000 

E' 
5 

Figure 10. E' versus 'Yd/ 'Yl80· 

(33) 

(34) 

(35) 

(36) 
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TABLE 4 

SUGGESTED DESIGN VALUES* OF MODULUS 
OF SOIL REACTION 

yd/y 180 E', E's Ydh 180 E', E's 

0.75 500 400 0.88 2150 1900 
0.76 600 500 0.89 2250 2000 
o. 77 800 700 0.90 2500 2300 
0.78 1150 900 0.91 2800 2500 
o. 79 1400 1150 0.92 3100 2800 
0.80 1550 1300 0.93 3600 3250 
0.81 1700 1400 0.94 4300 4000 
0.82 1800 1500 0.95 5500 5000 
0.83 1900 1600 0.96 7200 6600 
0.84 2000 1700 0.97 10300 9300 
0.85 2050 1800 0.98 15000 14000 
0.86 2100 1800 0.99 25000 22000 
0.87 2100 1800 1.00 44000 38000 

*These values should not be used unless more accurate means of analysis ore not 
available, and then only with the knowledge that error as much as 100 percent 
may exist. 

In other words, 

E ' 
r 'Y180 

-f( 'Yd ) 
"Y180 

(37) 

The data gained from the Modpares device were analyzed by the least squares method 
to obtain the value of E' at 3 and 5 percent horizontal deflection of the conduit. The 
orthogonal polynomial regression analysis subroutine on the IBM 1130 computer was 
employed to determine the best fit of all (E;)'s and (E/)'s (the value of E' at 3 and 5 
percent horizontal deflection of the conduit, respectively). 

Based on the experimental data, the soil density was considered to be the most im
portant variable in determining the modulus of soil reaction. The limited amount of 
data indicates the different optimum moisture contents of all soil samples tested and 
seems to have little influence on the modulus of soil reaction as long as it is approxi
mately optimum. 

According to the data obtained from the Modpares device, soil density had a signifi
cant influence on the modulus of soil reaction, the range of E' varied widely between 
the low-density and the highly co mpacted soil samples. The range of E; varied from 
815 psi to 28,700 psi. The difference between the low- and high-density soil samples 
is almost 35 times. 

The following equation was obtained from IBM 1130 computer's orthogonal polynomial 
analysis subroutine which was used to determine the modulus of soil reaction: 

~ = 254.7463 + 892.8421(~\ - 1040.688(/d \2 + 404.8318 (/'ct \3 (38) 
r Yl80 180) 1aol 1ao"/ 

~ = -240.6943 + 843.4371 ( / d )- 983.4282 /_,_/d )
2 

+ 382.8650 (/d y (39) 
r 'Y180 180 \ 180 180} 

where 

E; and EJ = modulus of soil reaction at 3 and 5 percent deflection of conduit, 
respectively; 

Yd = soil dry density used in experimental studies; and 
Y18o = soil dry density of AASHO Designation Tl80 compaction test. 

The data are shown in Figures 9 and 10. Suggested design values of the modulus of soil 
reaction are given in Table 4. 
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Determination of Lateral Pressures Associated 
With Consolidation of Granular Soils 
VLADIMIR OBRCIAN, Bureau of Public Roads, Federal Highway Administration 

The objective of this study was to determine the influence of density, 
gradation, consolidation stress level, and load history on th.e coeffi
cient of earth pressure at rest. A consolidation apparatus is de
scribed that permits gradual load application at a desired rate of 
loading, while vertical and lateral stresses are simultaneously ob
served under the condition of no lateral yielding. The friction loads 
inherent in the normal consolidation testing were also observed and 
their magnitude is reported to be higher for loose and finer grain 
soils than for the dense and coarser grain soils. 

Four granular soil specimens were tested in loose, medium com
pact and compact states. The results clearly demonstrate that the 
coefficient of earth pressure at rest is less for the dense state than 
for the loose state and that it decreases with higher consolidation 
stress levels. The influence of gradation is also apparent from the 
results, but it is less pronounced, Approximate values of Poisson's 
ratio were computed on the bases of the zero lateral strain condition 
which exists in consolidation and the associated ratio of the vertical 
and lateral stress. 

The stress history studies, simulated by performing a number 
of unload and reload cycles demonstrated the "locked-in" or residual 
stress phenomenon which is associated with consolidation of soils 
subjected in their load history to unloading and reloading cycles. 
These studies point out the importance of considering the stress 
conditioning of soils that may be caused by rolling of embankments 
or pavement layers. Reproducing this state of stress as an initial 
test condition is considered essential in any significant testing of 
pavement or embankment materials. 

•RESEARCH work on determining the lateral pressures associated with the consolida
tion of granular soils dates back to Terzaghi's experiment (1) in 1920. Later investi
gations were performed by Kjellman (2) in 1936, Bayliss (3)-in 1948, and by Tschebo
tarioff and Welch (4) in 1948. More recently Bishop and Henkel (5), Hendron (6), Stoll 
(7), and Brooker and Ireland (8) have made significant contributions describing- the 
phenomenon. -

The study reported here is based on a laboratory investigation of four granular soils 
of different gradations. The objective was to examine the relation between the vertical 
stresses and the lateral stresses associated with consolidation of granular soils. The 
term "consolidation" is used to describe one-dimensional compression under the char
acteristic condition of zero lateral strains. The ratio of the lateral to vertical stress 
is termed the "coefficient of earth pressure at rest, K0 ." These investigations re
vealed the influence of gradation, relative density, vertical stress level, and loading 
history on the Ko· 

Paper sponsored by Committee on Soil and Rock Properties and presented at the 48th Annual Meeting. 
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Figure 1. Split consolidation ring with the two 
sensing strain gages, the friction load ring, and 

bottom plate. 

EQUIPMENT 

To satisfy the essential and character
istic consolidation condition of zero lateral 
displacement and to be able to measure the 
lateral earth pressures developed simul
taneously during gradual application of 
vertical load to the granular specimen, a 
special device was constructed consisting 
of a rigid split consolidation ring and 
frame, The two halves of the ring had 
temperature compensated strain gages 
mounted across the diametrically opposite 
gaps (0,001 in.) as shown in Figure 1. 
These dynamomete1·s were used marely 
to detect small lateral movements in the 
gaps. 

To sense the lateral loads, two calibrated proving rings were mounted on a cross 
beam and their reactions were transferred through two spherical bearings positioned 
at the mid-height of the consolidation ring as shown in Figures 2 and 3. 

Any lateral load exerted by the soil placed in the consolidation ring could be balanced 
by the manually operated fine screw threads against the proving rings. Thus, the 
lateral load rea~tions across the two halves of the consolidation ring could be deter
mined from 1/10, 000 Ames dial readings in exact response to sensing shown by the 
gages mounted across the gaps of the ring. In this manner, the lateral pressures 
were measured independently and the essential requirement of zero lateral displace
ments was reasonably satisfied. 

FRICTION LOADS MEASUREMENTS 

It was realized that side-wall friction forces mobilized on the ring by the consoli
dating soil could produce significant errors in determining the vertical loads applied 
to the specimen. Therefore, the friction forces were measured by a split-ring dyna
mometer which is placed under the consolidation ring (Figs. 1 and 2 ). 

For a test, the bottom plate (foreground, Fig. 1) was placed on the loading fram e. 
The friction measuring ring was then placed over it, and the consolidation ring was 
placed on top of the friction ring. The bottom plate extended through the split-ring 
dynamometer 3 mm into the lateral force measuring ring. The gap between the circum
ference of the consolidation ring and the bottom plate was sealed with a thread to pre
vent jamming of the gap. Finally, the soil was placed into the consolidation ring and 
a 200-gm circular loading plate was seated on top of the specimen. As the vertical 
load was gradually applied, the screws in the lateral force measuring ring were 

Figure 2. Calibrated load rings and the friction 
load ring in place. 

Figure 3. Consolidation apparatus before place
ment under the loading yoke. 
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continuously adjusted to maintain zero lateral movement of the specimen; at the same 
time, the change in the gap opening (measured by the dynamometers) of the friction 
measuring split ring indicated the vertical side-wall friction. 

SAMPLE PREPARATION 

The sample was prepared in a manner designed to prevent segregation. For a dense 
state, two built-up layers were utilized and each was lightly and uniformly compacted 
by a vibrotool equipped with a 11/4-in. diameter foot. Intermediate densities were at
tained using uniformly distributed light rodding on each loosely placed layer. 

After placement of the soil, the surface was screeded level with the top of the con
solidation ring and the top plate was centered on the surface of the soil. Then for higher 
relative densities, the vibrotool was applied lightly at the center of the top plate for 
seating purposes. On loosely placed soils, the top plate was given a half turn to ac
complish seating. From the known initial volume of the consolidation ring and weight 
of the soil, the unit weight and, thus, the initial relative density was obtained. The 
reference zero and 100 percent relative densities were obtained, respectively, by the 
placement of dry soil through a funnel or by using vibratory process ~). 

LOADING SCHEME 

The consolidation device was centered beneath a loading yoke which applied any de
sired load increment through a cowiterbalanced deadweight level system (4 to O ratio). 
Vertical load was applied by releasing predetermined increments of lead shots from a 
storage fwinel into a previously zero load balanced container with a funneled bottom. 
Unloading in any desired increments was accomplished by releasing lead shots through 
a bottom valve in the container. When the preset weight was reached, the valve was 
closed by a trip mechanism that was attached to a weighing scale. After closure, the 

Figure 4. Experimenta I setup: (a) strain indica
tors, (b) conso lidati on apparatus with loading 

machine, (c) lead shots for gradual load 
application. 

exact weight of the removed shots was de
termined. The vertical compressions or 
expansions of the soil specimen for each 
stress increment or decrement were mea
sured by a centered 0.0001-in. division 
dial. Lateral strain was continually ad
justed to zero by means of the two adjusting 
screws whenever the two strain indicators 
showed any movement in the gaps. The 
friction load was recorded by a third strain 
indicator. Figure 4 shows the setup of the 
consolidation apparatus and measuring 
devices. 

TESTING PROCEDURE 

Each increment of vertical load was 
applied at a rate of 0.8 ton/min. Five 
minutes were allowed to elapse after each 
load increment in order for the specimen 
to reach equilibrium. In general more 
than 95 percent of ulitmate compression 
was obtained in the allotted time interval 
for each increment. 

The following loading sequence was used 
for each specimen: 1/40, 1/io, ¼, 1,,{i, 1, 2, 
3, 4, 5, 6, 7, 8, 9, and 10 tons/s. f. Un
loading was accomplished in the reverse 
sequence witil 1,,~-ton/s. f. load intensity 
was reached. Then, this load was com
pletely removed. 
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Figure 5. Grain size distribution curves and gradation characteristics of the soils. 

To determine the influence of the load history, a series of cyclic loading-unloading
reloading tests was also performed using the previously described loading sequence to 
the selected stress levels followed by unloading to about one-third or one-fourth of any 
selected stress intensity, and then repeating this process at the next higher selected 
stress level. 

For each load increment, the lateral pressure was measured by the load balancing 
procedures on the basis of the lateral strain-sensing gages. At the same time the side
wall friction load was measured by the friction gages, and the vertical compression of 
the specimen was observed. 

MA TERIAI.S TESTED 

Four granular soils were selected for study. Their gradations are described in de
tail in Figure 5 using Burmister's concepts (9, 10). These soils can be identified as 
coarse sand, coarse to medium sand, coarse- tofine sand, and fine sand. These typical 
natural granular soils permitted evaluation of the influence of the gradation character
istics on the lateral earth pressure at rest. 
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Because the K0 varies with relative density, DR, the soil specimens were prepared 
in three states of compactness. The loose state relative density ranged from 1. 7 to 
9. 7 percent; the dense state, from 77.0 to 87.4. One intermediate relative density of 
61, l percent was also used, but only for the coarse sand material. 

EVALUATION OF FRICTION LOADS 

Since movement between the side wall of the consolidation ring and the soil is greatest 
at the top of the specimen, the side-wall friction is expected to be greatest at the top 
and decrease with depth to zero at the bottom of the specimen. Because of presence of 
variable friction loads, average net vertical load was assumed to be the total applied 
vertical load minus one-;half of the observed maximum friction load. 

The results of the friction load measurements are shown in Figure 6. The friction 
load buildup during the process of consolidation is plotted for the three soils and rela
tive density indicated for each test. The following deductions can be made : 

1. Friction loads are higher for lower relative densities, the result of higher as
sociated lateral stresses and higher strains for the loosely placed specimen. 

2. Finer soils produce considerably higher friction loads than the coarser soils. 
3. The rate of increase in friction loads is relatively higher for low-intensity con

solidation stress levels. 

LATERAL STRESSES 

Nineteen consolidation tests were made in the special consolidation apparatus. As 
the vertical load was gradually applied in increments, the lateral loads exerted on the 
consolidation ring were measured under the condition of near zero lateral movements. 
Simultaneously, the vertical friction forces were measured. The results of these tests 
are shown in Figures 7, 8, and 9 in form of the relationship of the horizontal to vertical 
stress ratio, Ko, versus the consolidation stress level. Each curve corresponds to a 
particular initial relative density. 

The following observations can be made regarding the trends and characteristics of 
these curves: 

1. The influences of initial placement relative density on the coefficient of earth 
pressure at rest are the most pronounced. For all soils, the value of Ka is higher for 

RELATIVE 
DENSITY 

0.2!1 '----'--'--'-----~--~~~~ 
0 I 2 3 4 5 6 7 8 9 IO 

CONSOLIDATION STRESS, 111 

Figure 7. Relations between K0 values and the 
consolidation stress level for coarse sand. 
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consolidation stress level for coarse to fine sand, 
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TABLE 1 

AVERAGE K0 VALUES 

K0 Values 
Consolidation 
Stress Level 

Fine Sand Coarse Sand C-F Sand, 
Trace Silt 

loose 0.49 0. 44 0.48 
0. 5 tsf 

dense 0.34 0.37 0.36 

loose 0.44 0.42 0.47 
1.0 tsf 

dense 0.33 0.36 0.35 

loose 0.34 0.37 0.41 
2. 0 tsf 

dense 0. 31 0.34 0.34 

the loose than for the dense state of compact
ness over the full range of the vertical stresses. 
Intermediate relative densities result in inter
mediate K O values as shown by the results of 
the test performed on a specimen of coarse sand 
placed in medium compact state (Fig. 7). 

2. The value of K 0 decreases with increase 
in the vertical stress level, with a tendency to 
become asymptotic to a constant value. 

3. The gradients of K 0 are greatest in the loose relative density state for vertical 
stress levels less than 3 tons/s. f. 

4. The decrease in Ko value with increased consolidation stress level, which cor
responds to a deeper depth of overburden, is consistent with the K O trend discussed 
under item 1 for loose and dense states because the density of the soil increases with 
increasing stress level. 

5. The influences of gradation are also evident, but less pronounced. The test 
results on coarse sand (Fig. 7) indicate noticeably smaller K 0 values than any other 
soil for the loose state under low consolidation stress levels. Under higher consolida
tion stress levels, K 0 values for coarse sand are comparable to those of coarse to fine 
sand, trace silt (Fig. 8). The results for the fine sand (Fig. 9) exhibit the greatest 
variation in Ko values with the increasing stress level for both loose and dense states 
of compactness. The K 0 values for the coarse to fine sand, trace silt, in tl1e loose 
state under low consolidation stress levels (below 2 tons/s. f.) are about the same as 
those for fine sand. For higher stress levels in loose state, the coarse to fine sand, 

TABLE 2 

AVERAGE POISSON'S RATIO VALUES 

Consolidation 
Stress Level 
and Density 

loose 
o. 5 tsf 

dense 

loose 
1. 0 tsf 

dense 

loose 
2. 0 tsf 

dense 

Poisson's Ratio 

Fine Sand Coarse Sand 

0. 33 0.31 

0.26 0.27 

0.31 0.29 

0.25 0.26 

0.25 0.27 

0.24 0.25 

C-F Sand, 
Trace Silt 

0. 33 

0.26 

0. 32 

0.26 

0.29 

0.25 

trace silt, performs more like coarse 
sand. In the dense state the K 0 
values for the coarse to fine sand, 
trace silt, are near those for coarse 
sand for all stress levels. 

A summary of KO values showing 
the averages for the loose and dense 
relative densities of the three soils 
used is given in Table 1 for 0.5, 1.0, 
and 2.0 tons/s. f. consolidation stress 
levels. 

APPROXIMATE DE TERMINATION 
OF POISSON'S RA TIO 

For the purpose of an approximate 
evaluation of the Poisson's ratio for 



granular soils, the condition of zero lateral strains was used which leads to the 
following relationship : 

where 

ax lateral stress, 
a z = vertical stress, and 

11 Poisson's ratio. 

Solving for II in terms of K
0

, 

II - _!_{_Q_ 
- 1 + K

0 

19 

Poisson's ratio values computed on the basis of average K
0 

values are given in Table 2. 

INFLUENCE OF STRESS HISTORY 

The typical vertical stress-vertical strain and associated lateral stress-vertical 
strain curves for the three granular soils placed in the loose and dense states are shown 
in Figure 10 for the loading and final unloading cycles. In connection with the final un
loading curves, for both relative densities the lateral stress at certain vertical stress 
levels becomes and remains much larger than the vertical stress in the range of stresses 
indicated. 

The important influence of stress history and of restricted lateral strains was in
vestigated also by performing special load-unload-reload cycle consolidation tests with 
simultaneous measurements of the lateral stresses. 

Figure 11 shows vertical stress-vertical strain loading cycles with the associated 
lateral stress-vertical strain loading cycles for coarse to medium sand placed at 93 
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Figure 10. Vertical stress-vertical strain relations with associated lateral stress-vertical strain 
relations. 
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Figure 11. Consolidation unloading-reloading stress cycles with partial lateral yielding. 

percent relative density. Instead of using proving rings and restricting lateral strains, 
dynamometers were mounted across the gaps of the split consolidation ring. The marked 
smaller back-off of lateral stresses compared with the vertical stress decrements are 
noteworthy and reveal the nature and importance of the stress history. It is also evident 
that lateral stresses in this case are greately influenced by partial yielding and tend to 
be smaller. The final unloading curve again shows that below a certain vertical stress 
level, the lateral stresses exceed the vertical stresses. 

Figure 12 shows similar unloading-reloading stress cycles for coarse to fine sand, 
trace silt, placed at 51.6percent relative density. This test was made using the proving 
rings and the lateral strain sensing gages so that lateral strains were restricted to very 
small values (2 to 3µ,-in.). The influence of the restricted lateral strains is clearly 

0.005 

f 0.010 
<l 
.;, 
z 
;, 
a: 0.015 .... 
VI 

0 .020 

0.025 ~ - --l------+----1---1---1-+ - --l----ll.-f---f---=~ 

0.04 0.1 0.2 0.4 0.6 0.8 1.0 2.0 4.0 6.0 8.0 10.0 
CONSOLIDATION STRESSES IN ts! 

Figure 12. Consolidation unload ing- re loading stress cycles wi th restricted lateral strains. 
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apparent from the shape of the lateral 
stress unload cycles. Essentially, it is 
evident from this test that when lateral 
displacements are not allowed to occur, 
the lateral loads tend to be higher, as ex
pected. However, direct comparison be
tween the fully and partially restricted 
lateral strains cannot be made due to con
siderable differences in relative density 
and soil gradations in the available tests. 

The cyclic pattern of Ko values plotted 
versus consolidation stress levels in 
Figure 13 also demonstrate the influences 
of stress history. K0 values increase 
along the unloading stress cycles and de
crease along the subsequent reloading 
cycle, the Ko values on each loading cycle 
being smaller than those obtained along 
the unloading stress cycles for the same 
vertical stress level. 

Figures 12 and 13 clearly demonstrate 
that granular soils subjected to consolida
tion unloading stress cycles are fully cap
able of storing and retaining a significant 
portion of the previously induced or exist
ing lateral stresses. Thus, improved 
bearing and settlement performances can 
be expected for foundations subjected to 

imposed stresses less than the original prestress level at the initiation of the unloading 
cycle. 

APPLlCATIONS 

The results of these studies can be used in soil-structure interaction problems such 
as the evaluation of lateral pressures on unyielding boundaries of retaining walls and 
buried structures. The Poisson's ratio values given in this paper indicate the order of 
magnitude of this material property which is often needed in dealing with evaluation of 
stresses and displacement in connection with the use of layered systems theories. 

The stress history phenomenon has important implications in dealing with soils 
compacted in embankments where stress conditioning may be imposed by rolling. This 
may produce a state of stress similar to overconsolidation with a resultant residual 
stress condition remaining from heavy rolling. It is important to realize that this con
dition markedly improves the stress-strain responses of soils compacted in embank
ments or pavement layers. 

The stress conditioning and prestressing concept is of paramount importance espe
cially in processing granular base courses. This can be done effectively by vibratory 
compaction insofar as accomplishment of fast and efficient densification is concerned, 
but this process must be followed by heavy rolling to accomplish the desirable keying, 
wedging, mechanical bonding and prestressing. Therefore, density alone cannot serve 
as a satisfactory criterion for judgment on adequacy and future performance of bases 
because a very small and practically undetectable change in density could lead to either 
a prestressed (locked) state of the compacted material or an insufficiently stress
conditioned state. 

Since the prestressing results in smaller deflections of bases it is desirable for the 
structural adequacy of a pavement; but this quality cannot be determined by conventional 
density measurements. A deflection or maximum curvature criterion may be a better 
measure of constructional excellence and potential service performances of a pavement 
system. The residual or locked-in stress system investigations are recommended as 
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very desirable objects of future research endeavors since the knowledge concerning 
the magnitude and permanence of the residual stresses produced in pavement structures 
by field equipment is a prerequisite for a significant laboratory testing of pavement 
materials. Only when we introduce this initial stress condition into testing procedures 
can we expect to obtain representative material properties and possible correlation be
tween the actual and predicted responses of pavement systems. 

CONCLUSIONS 

1. The coefficient of earth pressure at rest is greatly influenced by relative density 
condition. Ko is higher for loose than for dense relative density state. 

2. Ko tends to be higher for finer than for coarser soils. 
3. Ko decreases asymptotically with increasing overburden stress or depth. 
4. Stress history of unloading and reloading stress cycles greatly influences the 

magnitude of Ko· The value of K0 is higher on unloading-reloading stress cycles than 
on the primary compression curve and may reach a value greater than one. 

5. The response of granular soils on unloading and reloading establishes the efficacy 
of improving the settlement performances of these soils as a consequence of both verti
cal and associated lateral prestressing. 

6. Granular soils are capable of storing and retaining a certain part of the lateral 
stresses imparted by rolling which improves the performance of pavement systems. 

7. Determination of the magnitude and permanency of the locked-in stresses pro
duced by rolling is advocated as needed research in the future to be able to introduce 
this essential initial condition into any significant pavement material testing procedures. 
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Discussion 
W. M. KIRKPATRICK, University of Strathclyde, Glas ow, Scotland (currently, Visiting 
Professor of Civil Engineering, West Virginia University -Obrcian raises a number 
of points worthy of comment. The first concerns the stress conditions developed in the 
test. The earth pressure at rest or Ko condition is usually associated with principal 
stress states. In the tests described, the presence of shear stresses, evidently acting 
along the oedometer sample boundaries would strictly prevent Ko from being defined 
as the ratio axlaz as stated in Figures 7, 8, 9, etc. It is probable that these shear 
stresses will be small, but it would be of interest in the appraisal of the data if the 
author could give details of the sample dimensions or estimates of the shear stresses 
around the boundaries. Was any attempt made to reduce boundary friction, e.g., by 
the use of boundary lubrication of the type proved so successful in triaxial work de
scribed by Rowe and Barden (12)? 

The curves of ax/az versusconsolidation pressure are similar in shape and seem 
to indicate consistency in the measurements made. It is of some surprise however, 
in the light of available data, that the ratios ax/az should fall to such low values. For 
the loose sand in Figure 9, values of ax/az around 0.33 are shown. The ratios of the 
minor to the major principal stresses must be even smaller than this and reach values 
close to those of the Mohr-Coulomb state of limiting equilibrium. This would be an 
alarming condition if it existed in natural soil deposits. 

Regarding the cyclic loading test data in Figure 12, it is noteworthy to find that K0 
values for granular soils can approach and even exceed unity in the overconsolidation 
range. The influence of this effect with regard to the behavior of the soil is important 
as pointed out and should be taken advantage of in engineering situations. The effect 
of history of prestressing on the stress-strain response also mentioned in the paper is 
worthy of a little further elaboration. The effect which can be picked out from data in 
Figure 12 can also be noted from the data from cyclic loading tests in the triaxial ap
paratus as shown in Figures 14 and 15 (13 ). 

These tests, one at an intermediate state and one at a dense state of compaction, 
were performed under drained conditions on a uniform medium quartz sand having 
roughly spherical grain shape. Lubricated platens were used in the tests and axial 
loads and deformations were measured inside the cell. During the tests the radial 
stress, a', was kept constant while cyclic loading effects were pro uced by applying 
and remo.Jing the piston load on the end of the sample. 

Figures 14 and 15 show that the removal of the axial load from a certain stress 
level resulted in the recovery of a little of the applied strain (recoverable or elastic 
strain) but that the majority of the applied strain is plastic or irrecoverable. Repeat
ing cycling operations to a given stress level indicate that only insignificant additional 
plastic strains develop after the first cycling operation is completed. The slopes of 
the reloading curves for all cycles are more or less uniform for a given initial porosity 
and cell pressure value, a\. Defining this slop as Er, it is found that Er increa$es 
as a'3 increases but reduces as the initial porosity n increases. Values of a bulk mod
ulus Kr can be determined similarly from the slope of the reloading parts of the curves 
relating a'/a'3 to volume strain AV /V. 

The development of the plastic strains seems to be a result of the imposition of a 
deviatoric stress component since a cycling hydrostatic stress has little apparent in
fluence on these nonrecoverable axial strains. This behavior can be explained as being 
due to the collapse of all the groups of particles that are potentially unstable under 
shear stresses up to the level of those imposed in the cycling operation. These in
stabilities are largely removed on the first cycle so that strains produced in future 
cycles within this stress level are due almost entirely to elastic or recoverable effects. 
As the level of stress increases, successively stronger unstable particle groups will 
collapse till the soil comes to a general state of plastic flow. 

The stress state in these tests is similar, though not identical (since a'
3

, does not 
vary), to those which might be produced in the soil under the center of a round or square 
foundation and can be used to gain insight into the influence of stress history on founda
tion behavior. The data show that if a deposit of granular soil can be prestressed up 
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to the level of the imposed foundation 
load prior to the construction of the 
structure the settlement of the actual 
foundation under structural function 
will be that due only to the recoverable 
or elastic part of the strain as estimated 
on the basis of the Modulus Er. The 
effect is most dramatic in loose gran
ular soils in which allowable bearing 
pressures are usually restricted by 
settlement considerations. In the 
medium-dense sample in Figure 15 
prestressing has the effect of reducing 
the axial strain to about 60 percent of 
the value developing on the first load
ing when the s oil is stressed up to a 
value of a'/ a'

3 
= 2 . 

The values of Er and Kr deter
mined can be used to construct the 
stress-axial strain and axial strain
volume strain curves for elastic or 
recoverable conditions. Assuming 
the remaining strains are plastic, 
these can be computed from the mea
sured strains and the plastic stress
strain curves can be constructed. 
Such a construction for a dense sand 
under triaxial compression is shown 
in Figure 16 (13 ). 

12. Rowe, P. W., and Barden, L. The Importance of Free-Ends in the Triaxial Test. 
Proc. ASCE, 90 SMI, p. 1-27, 1964. 

13. Khataniar, B. C. An Experimental Investigation of Assumptions Made in the In
terpretation of Triaxial Test Data. Master's thesis, University of Strathclyde, 
Glasgow, 1968. 

V. F. OBRCIAN, Closure-Professor Kirkpatrick's discussion points out some of the dif
ficulties inherent in the consolidation testing of soils where the presence of the rigid 
ring restraint is responsible for development of shear stresses on the sample boundary. 
Therefore, theoretically speaking the ratio of the observed horizontal to vertical stress 
in this test does not yield an exact value of the coefficient of the earth pressure at rest. 
Nevertheless, it was felt that these tests may provide an approximation of the stress 
system for a systematic study of this phenomenon insofar as the influences of relative 
density, consolidation stress level, gradation and stress history are concerned. It 
was mainly because of the extreme sensitivity of the results to any lateral yielding, 
which is hard to control in a triaxial testing procedure, that this testing procedure was 
selected. 

An estimate of shear stresses, which were taken into account only in reduction of 
vertical stresses, can be obtained using the friction loads shown in Figure 6 and the 
21,.{i-in. diameter sample dimension with 1-in. initial thickness. 



Consolidation of Two Loessial Soils 
HARRISON KANE, University of Iowa 

The open structure of loess can lead to large compressive de
formations when the applied stresses exceed the strength of 
the clay binder. A laboratory investigation into the relation of 
the consolidation properties of undisturbed loess to water con -
tent, clay content, and density has been undertaken to explain 
the behavior. Hand-carved samples from two natural loess 
deposits in east-central Iowa were subjected to consolidation 
tests at water contents modified in the laboratory to provide a 
range from 4 to 32 percent. The natural densities and clay 
contents were 86 pcf and 19 percent for the first deposit and 91 
pcf and 8 percent for the second. The concept of a critical 
water content (the water content above which the clay binder is 
stable) was found useful in interpreting behavior. The maxi
mum pressure prior to the collapse of the structure increased 
with water contents below critical but was constant at higher 
water contents. At pressure levels below that causing collapse, 
a higher clay content reduced the compressibility; at higher 
pressures, the compressibility depended on the initial density. 

• LARGE areas of the midwestern UnitedStates, includingoverhalfoflowaandNebraska, 
are covered with deposits of loess, a wind-deposited sediment of predominately silt
sized material. The term loess, as used in this paper, refers to the natural undisturbed 
soil, and it is the undisturbed structure that accounts for the special behavior that sets 
loess apart from other natural soils having the same constituents. 

A typical midwestern loess has a clay content of 10 to 30 percent with the balance 
being composed of silt and fine sand. The clay occurs as particles, aggregates, or 
coatings on the silt particles. It has been observed (4, 6) that the silt-sized particles 
do not contact each other, but are separated by the clay coatings or the clay aggregates. 
As a result, the mechanical properties of the loess are determined primarily by the 
properties of the clay fraction. 

The natural state of loess is normally very loose because of its open structure. The 
structure is maintained by the bond strength provided by the clay binder. If applied 
stresses exceed the.binder strength, or if there is a loss in strength, the structure can 
collapse and large compressive deformations can occur. The primary.cause for a loss 
in strength is the wetting and consequent swelling and softening of the clay binder (5 ). 
There are numerous cases reported in the literature where wetting of a loessial fmmda -
tion soil contributed to unusual settlements of an otherwise stable foundation (2, 7 ). 

As a result of the influence of water on the compressibility, the natural wafer con
tent and possible variations are particularly important. For loess deposits in Iowa, 
Davidson and Sheeler (3) report natural water contents from 5 percent for soils with a 
10 percent clay contentto 30 percent for soils with 30 percent clay. The natural water 
content is also related to the average annual rainfall (7 ), and it may vary considerably 
with the seasons as well. -

This investigation was undertaken to study the effect of water content on the com -
pressibility of loessial soils having different clay contents and natural densities. One-

Paper sponsored by Committee on Soi I and Rock Properties and presented at the 48th Annual Meeting. 
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TABLE 1 

SOIL INDEX PROPERTIES 
dimensional consolidation tests were run 
on samples from two loess deposits, de
signated as Hawkeye loess and Oakdale 
loess, located in the vicinity of Iowa City. 
The water contents of the samples were 
altered in the laboratory to provide a 
range which might be encountered nat
urally. 

Property Hawkeye Loess Oakdale Loess 

(a) Whole Soil 

Liquid limit 35 27 

Plastic limit 24 23 

Plasticity index 11 4 

Specific gravity 2.73 2.72 

Percentage clay: SOIL INDEX PROPERTIES 
Lesa than 0.005 mm 26 13 
Less than 0.002 mm 19 8 

Activity 1.10 0.84 

Natural density, pc!: 
Range 85.0 to 89.3 90.4 to 92.5 
Average 87 91 

Natural water content, i : 

The loess in east-central Iowa has been 
identified as a Wisconsin-age, or Peorian, 
loess. The index properties are sum -
marized in Table 1 and the grain -size 
distribution curves are shown in Figure 1. 
The liquid and plastic limits, specific 
gravity, and grain-size analyses were 
determined according to ASTM Designa
tions D 423, D 424, D 854, and D 422, re
spectively (1). The ranges and average 
values for the natural dry density and 
natural water content of the test speci -
mens are also given. The activity (11) 
has been calculated using the modified 
definition proposed by Seed, Woodward, 
and Lundgren (_!!): 

Range 23.2 to 27.0 21.2 to 22.9 
Average 25 22 

(b) Clay Fraction Leas Than 0.002 mm 

Liquid limit 146 120 

Plastic limit 46 39 

Plasticity index 100 81 

Percentage of clay: 
Less than 0. 002 mm 100 100 

A= 
Corresponding change in clay content 

Change in plasticity index 

in which A denotes the activity of the clay and the clay content is the percent finer than 
0. 002 mm. The plasticity index and clay content for the whole soil and the correspond
ing values for the 100 percent clay fraction were used in this calculation. To provide 
the latter values, samples of the 100 percent clay fraction with a particle size less than 
0. 002 mm were separated from the whole soil by decantation. The Atterberg limits for 
this material are also given in Table 1. 

~ ~~------~-----------~------
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Figure l. Grain-size distributions. 
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A comparison of the plasticity properties of the Hawkeye and Oakdale loesses with 
other loessial soils is shown in Figure 2. The Hawkeye and Oakdale loesses plot at the 
upper and lower ends, respectively, of the "silty loess" zone which includes most of the 
Missouri River Basin loessial soil (2 ). The1 plasticity indices are somewhat lower than 
the average curve determined by Sheeler and Davidson (10) for this east-center portion 
~~~ -

Periodic field water content measurements at the Hawkeye site were made to indi
cate the magnitude of seasonal variations in water content. The minimum and maxi
mum natural water contents for the period October 1966 to September 1967 are shown in 
Figure 3. Below a 6-ft depth the water content varied between 26 and 33 percent; the 
corresponding range in degree of saturation is 75 to 90 percent. 

Na/urr,/ Waler Conlen/ , % 
/0 15 20 25 30 35 

0 ,----.------....----,----.-------, 

Mini m um 
z 

Ii!. 

Figure 3. Range in natural water contents. 
Hawkeye site, Oct. 1966 to Sept. 1967. 

SAMPLING AND SPEC™EN 
PREPARATION 

Samples were obtained from a test pit 
at the Hawkeye site and from the side slope 
of a road cut at the Oakdale site. The pro
cedure was to hand-carve blocks of soil 
measuring about 8 in. by 10 in. by 12 in. 
Three water content samples were taken 
from each block and the variation in these 
water contents from a single block was 
found to be from 1 to 3 percent. 

After a block was removed, it was covered 
with a plastic bag, wrapped with moist 
rags, and then covered with another plastic 
bag. The block was placed in a cardboard 
carton and taken to the laboratory by car. 
The blocks were divided into smaller sam -
ples or, when necessary, stored in a moist 
room for a maximum of two days before 
subdividing. 

The blocks were subdivided by scoring 
them with an ice pick. The portions were 
trimmed to the nominal dimensions of 2 -
in. thick by 4-in. diameter for the consoli
dation test specimens. Water content 
samples were again taken for a final check 
before the samples were sealed for storage. 
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Since the laboratory testing program lasted abo• t B months, the samples had to be 
prepared for storage with great care. They were first wrapped in aluminwn foil and 
then dipped several times into molten paraffin. They were placed in a plastic bag and 
the weight of the entire package was recorded to permit a check on moisture loss. Each 
sample was identified so that its original field location could be determined, 

The samples were stored in a moist room until needed for testing. The weights of 
the wrapped samples were measured just prior to testing, and on the basis of these 
measurements and the earlier water content determinations, it was found that the total 
loss in water content between carving the block at the test pit and removing the sample 
from storage was less than 1 percent. 

The testing program required specimens with their natural structure intact and with 
water contents throughout a range which might exist naturally over a period of time. 
For tests on the soil at its natural water content, specimens were carved directly from 
the stored samples. For all other tests, it was necessary to either reduce or increase 
the water content of the sample before trimming to test specimen size. The nominal 
test water contents were 8, 14, 20, 26, and 32 percent for the Hawkeye and 4, 10, 16, 
22, 26, and 30 percent for the Oakdale loess. 

The alteration of the water content was accomplished in the following manner. To 
achieve a water content of 32 percent, the sample as stored was unwrapped and wetted 
by spraying the surface with a measured quantity of water. The sample was rewrapped 
and placed in the moist room for several days to permit the dispersal of the water 
throughout the soil. This process was repeated until the water content of the sample, 
estimated from the sample's wet weight and its original weight and water content, was 
32 percent. The sample was then trimmed into the consolidation ring for testing. The 
water contents of the specimen and the trimmings were compared to check the uniformity 
of water distribution in the sample; in all cases, the differences were less than lpercent. 

Water contents below the natural water content were achieved by permitting the sur
face of the sample to air-dry for several hours; the sample was weighed periodically 
to determine the weight of water evaporated. The sample was then stored to permit 
the remaining soil moisture to redistribute itself. This process was repeated until the 
desired water content was reached, It was found that air-drying the samples too rapidly 
produced cracks which required discarding the sample. The modified water contents 
were in general within 2 percent of the desired nominal water content. 

The dry densities of the consolidation test specimens were calculated from their initial 
dimensions and oven-dry weights. Figure 4 plots these densities against the initial 
water contents to illustrate the effect of varying the water content on the density of the 
loess. For the Hawkeye loess, no significant change in density resulted from the in
crease in water content to 32 percent or the reduction to 20 percent. However, drying 
to water contents of 14 and 8 percent caused some shrinkage and an increase in density 
of 2 to 4 pcf. The density of the Oakdale loess was not changed by wetting or drying, 
Figure 4 also shows that the initial degrees of saturation of the specimens range from 
about 90 percent for the wet specimens to less than 20 percent for the dry specimens. 
At the natural water content the degree of saturation is from 65 to 75 percent. 

TESTING PROCEDURE 

A bench model consolidation test machine, having deadweight loading at a lever ratio 
of 10 to 1, was used to load the specimens. The consolidometer was the fixed-ring 
type, 2.5 in. in diameter and 0.75 in. in height, with a cutting edge to trim the specimen 
directly into the ring. A dial indicator reading 0. 0001 in. was used to measure the 
compression of the specimen. 

The specimen was trimmed directly into the consolidometer ring and weighed for 
initial water content. Filter paper circles were placed on the top and bottom faces, 
and the specimen and the ring were placed in the consolidometer. Except for the lowest 
water contents, the lower consolidometer stone, the loading cap stone, and the filter 
paper were moistened before being placed in contact with the soil. To prevent drying 
during the test, the top of the consolidometer was covered with polyethylene, sealed to 
the sides and around the loading cap. Moist sponges inside the consolidometer main
tained a high humidity. 
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Figure 4. Water content and dry densities of test specimens. 

The test specimen was loaded initially with a small seating load; the load was in
creased in increments from 0. 2 5 tsf to 3 2 tsf. The conventional geometric progres
sion of load increments was used Each load increment was maintained for 24 hr in 
the case of the Oakdale loess and for 2 hr for the Hawkeye loess. The 2-hr duration 
was determined to be adequate on the basis of tests with longer durations. 

1.0 

0.9 

08 

06 

05 

0.4 ___ _,_ _ ___. _ _._ ........... _._ ..... ..._ __ ___. _ ___.'--....,_....J..--1-_._ ............. __ ___. _____ i...._, 
0/ 1.0 10.0 

Pres.sure, t.:;r 

Figure 5. Typical void ratio-log pressure relationships, Hawkeye loess. 
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Unloading was accomplished by removing load increments equal to three-fourths of 
the previous load until the pressure of 0. 5 tsf was attained, whereupon all weights were 
removed. The specimen was then weighed and dried for the final water content deter-
mination. 

TABLE 2 

SUMMARY OF CONSOLIDATION TESTS 
ON HAWKEYE LOESS 

Specimen w. e. s . p~ c' 
No. 1 l r, C 

Nominal water content = 8 percent 
1 9.6 0.895 29.3 9.4 
2 8.4 0.895 25.4 10.8 

Nominal water content = 14 percent 
3 16.3 0.938 47.2 4.6 0.469 
4 15.6 0.895 47.6 7.5 0.486 
5 13.9 0.849 44.5 11.0 0.483 

Nominal water content = 20 percent 
6 19.2 0.998 52.5 1.6 0.406 
7 22.4 0.987 62.0 2.1 0.435 
8 21.2 0.958 60.4 2.4 0.399 
9 20.5 0.978 57.2 2.4 0.466 

10 20.0 0.952 57.4 2.1 0.402 

Nominal water content = 26 percent 
11 26.5 0.957 75.7 1.6 0.372 
12 23.2 0.971 65.0 1.9 0.389 
13 26.4 0.952 76.0 2.1 0.379 
14 24.6 0.987 67 .7 1.4 0.332 

Nominal water content = 32 percent 
15 29.2 0.987 80.6 1.5 0.359 
16 31.3 0.957 89.4 1.7 0.362 
17 32.6 1.018 87.3 1.4 0.432 
18 32.6 1.002 89.0 1.5 0.402 
19 32.2 0.972 90.3 1.9 0.372 
20 32.4 0.967 89.5 1.7 0.386 
21 30.5 0.962 86.3 1.8 0.395 
22 32.5 0.962 92.0 1.4 0.346 

TABLE 3 

SUMMARY OF CONSOLIDATION TESTS 
ON OAKDALE LOESS 

Specimen w. e. s . p~ 
No. l l r, 

Air dry 
1 1.5 0.839 4.9 11.0 

Nominal water content = 4 percent 
2 4.0 0.854 12.6 10.0 
3 4.9 ·0.871 15.3 10.9 
4 6.8 0.875 20.0 
5 4.4 0.857 13.4 10.2 

Nominal water content = 10 percent 
6 9.6 0.876 30.0 5.5 
7 10.7 0.866 33.7 5.4 

Nominal water content = 16 percent 
8 16.7 0.852 53.2 3.2 
9 15.0 0.876 46.4 3.1 

Nominal water content = 22 percent 
10 21.2 0.862 66.6 2.9 
11 22.9 0.871 71.4 2.4 
12 22.0 0.852 70.3 2.0 

Nominal water content = 26 percent 
13 27.0 0.856 85.9 2.1 
14 23.7 0.847 76.0 1.9 
15 25.5 0.835 83.0 2.1 
16 26.6 0.861 84.0 2.1 

Nominal water content = 30 percent 
17 28.2 0.852 90.0 1.2 

c' 
C 

0.296 
0.289 

0.280 
0.270 

0.300 
0.346 
0.270 

0.254 
0.264 
0.256 
0.270 

0.234 
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Figure 7. Definitions of parameters p0 ' 

and Cc'. 

TEST RESULTS AND DISCUSSION 

Typical void ratio-log pressure relation
ships for each nominal water content are shown 
in Figures 5 and 6, The results of all the con -
solidation tests are summarized in Tables 2 
and 3, in which the notation is as follows: 

w i = initial water content, percent; 

ei = initial void ratio; 

Sri = initial degree of saturation, percent; 

p0 ' = the pressure at the intersection on 
the void ratio-log pressure diagrams 
of the steepest slope of the consoli
dation curve and ei, tsf; and 

C/ = the slope Ae/log (P; Ap) of the 

steepest portion of the consolidation 
curve. 

The definitions of Po' and Cc' are illustrated in Figure 7. 
The consolidation curves for specimens at the lowest water contents did not develop 

a steep slope in the manner of the wetter and more compressible samples. Figure 5 
shows the curve for Hawkeye specimen No. 2 which illustrates this point. If the test 
had been continued above the 32-tsf level of pressure, it is probable that the curve 
would appear similar to the others. Because the steep portion was not reached for 
these specimens, no Cc' values are listed in Tables 2 and 3 and the values given for 
Po ' are probable lower limits. 

The variations of po' and Cc' with initial water content are shown in Figures 8 and 
9, respectively. For Hawkeye loess (19 percent clay) the value of p0 ' is essentially 
constant for water contents above 20 percent but increases sharply as the soil becomes 
drier than 20 percent. For the Oakdale loess (8 percent clay), the increase in Po' oc
curs at a lower water content and is not as abrupt. A considerable scatter of Cc' values 
is shown in Figure 9, but there is a trend for Cc' to increase with a reduction in water 
content. A part, but not all, of the scatter is due to differences in initial void ratio; 
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Figure 8. Variation of Po' with initia I water content, 
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that is, at a given water content, the specimens with higher void ratios have higher Cc' 
values in most cases. Al.though decreasing the water content increases Po', Cc' also 
increases and thus the dry specimens are more compressible than the wet ones at pres
sures above Po'. 

A more detailed view of the consolidation behavior at any water content is shown in 
Figures 10 and 11 for Hawkeye and Oakdale loess, respectively. The compressive strain 
due to each consolidation pressure is plotted against the initial water content for each 
test. There is a very rapid change in behavior for the Hawkeye loess at initial water 
contents of 14 to 16 percent. The change for the Oakdale loess is more gradual and 
occurs over a range of initial water content from 4 to 16 percent or more. The Oakdale 
loess, even though denser, is more compressible than the Hawkeye loess at low water 
contents (for example , 8 percent). However, the reverse is true at high water contents 
(for example, 28 percent). 
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Figure 10. Compressive strain vs initial water content, Hawkeye loess, 
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Figure 11. Compressive strain vs initial water content, Oakdale loess. 

Figm·e 11 also shows the results obtained by wetting two samples of the Oakdale loess 
while under load in the consolidometer. The first (initial water content 4.4 percent)was 
wetted unde1· the 32-tsf pressttre; the second (initial water content 6.8 percent) was wet
ted under the 8-tsf presslll'e. The final water contents were 24. 2 and 23. 9 percent, re
spectively, and the strains after wetting are given (Fig. 11). These strains are essen
tially the same as those for specimens having water contents initially near 24 percent 
and the same consolidation pressures. This result (i. e., the same compression whether 
the loess is wetted before or after loading) is consistent with the conclusions of Holtz 
and Gibbs (~). 

EXPLANATION OF BEHAVIOR 

The test results provide a basis for expla,ining the effect of clay content, void ratio, 
and water content on the stress-strain relations of loess in one-dimensional consolida
tion. Although the two soils tested do not cover the full range of clay content and nat
ural void ratio for all loessial soils, the results provide considerable insight that sub
stantiates and refines present views of the behavior as summai•ized, for example, by 
Sheeler (9 ). 

The open structure of loess is maintained by the clay coatings on the silt particles; 
thus the behavior of the soil prior to the breakdown of the structure (e.g., at pressures 
below p0 ') depends on the percentage and strength of the clay binder. At a given clay 
content, the strength of the clay binder depends on the water content. The water is dis 
tributed in the voids of the clay coatings on the silt particles and, when sufficient water 
is present, in the silt-sized voids between the coated silt particles. If a loess with 
water in its silt-sized voids is dried, the clay binder wHl not be altered until the water 
in the silt-sized voids is first evaporated becaUJ3e of the greater capillary attraction of 
the binder. Further evaporation will cause shrinkage of the binder, which remains 
saturated until its shrinkage limit is reached. The strength of the binder increases 
as it shrinks, accounting for the increase in the value of p0 ' in Figure 8 below a water 
content of about 16 percent. Above a water content of 20 percent, p0 ' does not vary 
significantly because at these water contents, water occurs in the silt-sized voids and 
is at equilibrium with the water in the binder. Thus the binder is stable and neither 
swells nor shrinks with changes in water content above this level, which is referred to 
as the "critical water content" in the following discussion. 

If loesses at the same water content are compared, the relative behavior in com
pression will depend on their initial void ratios and clay contents. When the water 
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content is below the critical water content, the value of p0 ' is significantly higher for 
the loess with the greater clay content (Fig. 8). At a given water content below the 
critical value, both loesses contain the same volume of water. Since the water is dis
tributed in the clay-voids only, the soil with the greater clay content will have the stif
fer binder and, consequently, the higher p0 ' value. 

For water contents greater than 20 percent both soils have essentially the same p0 
value (Fig. 8), indicating that the influence of the clay percentage is small when the 
water content is greater than the critical value. In this comparison, the effect of the 
greater clay content of the Hawkeye loess is probably canceled by the effect of its lower 
density. 

The compressive strains at pressures below p0 ' (i.e., at pressures that do not cause 
a breakdown in structure) are also largely dependent on the clay content. For water 
contents below 16 percent, a smaller compression occurs for the Hawkeye loess than 
for the Oakdale loess in spite of the greater initial density of the latter (Figs. 10 and 
11). 

As the pressure approaches and exceeds Po', the structure breaks down and the in -
fluence of the clay binder diminishes. This influence is also small above the critical 
water content, where the strength of the binder has diminished to a minimum level. Under 
these conditions, a loess with a low density will exhibit a greater compressibility than 
one with a higher density. This is demonstrated (Fig. 9) by the higher values of Cc' for 
Hawkeye loess (average density 87 pcf) in comparison with those for Oakdale loess 
(average density 91 pcf). A comparison of the compressive strains (Figs. 10 and 11) 
illustrates the same effect. For water contents above about 20 percent, all the con
solidation pressures equal or exceed p0 ', which is approximately 2 tsf (Fig. 8). The 
compressive strains at a given consolidation pressure are significantly greater for 
Hawkeye (Fig. 10) than f or Oakdale loess (Fig. 11). 

Critical water content was defined as the water content above which the binder is 
stable. It must be noted that the numerical value of this parameter is not well defined 
and its principal use at this stage of development is qualitative rather than quantitative. 
It is expected that the critical water content will prove to be a function of the percentage, 
mineralogy, and structure of the clay binder; these factors are only indirectly reflected 
in consolidation test results. 

The field compression of a loess deposit is, of course, dependent on changes in the 
natural water content as well as loading changes. Unless the seasonal variations, such 
as those shown for the Hawkeye loess deposit (Fig. 3) are !mown, settlement estimates 
from consolidation test results will be uncertain. However, knowledge of the seasonal 
variation in water content and the variation in compressive strain with water content 
(as shown in Fig. 10 for the Hawkeye deposit) will provide a sound basis for a settle
ment analysis. For example, below the 6-ft depth in Figure 3, the nattt1·al water con
tent ranges from 26 to 32 percent. Figure 10 indicates that the compression of the 
loess is relatively insensitive to variations in water content in this range. This is not 
the case at the shallower depth where the minimum water content is only .16 percent. 
For example, if the soil were loaded to 4 tsf while at a water content of 16 percent and 
subsequently the water content increased to 28 percent, the compressive strain would 
increase from 0. 01 to O. 08 in accordance with the 4-tsf curve. 

CONCLUSIONS 

1. The concept of a critical water content is useful in interpreting the behavior of 
loess under compression. 

2. For a given loess, p0 ' is constant for water contents above the critical value, and 
p0 ' increases for water contents below the critical value. 

3. For a given water content below the critical value, p0 ' increases with the per
centage of clay. 

4. For a give n water content above the critical value, the influence of clay content 
on p0 ' is s mall due to the low strength of binder. 

5. For consolidation pressures below Po', the greater the clay content, the smaller 
is the compressive strain, and density is of less importance than clay content. 
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6. For consolidation pressures above p0 ', compressive strains and Cc' are greatest 
for low density loess, and clay content is of less importance than density. 
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Development of a High-Velocity Impact Test for 
Laboratory Compaction of Granular Materials 
R. P. DOVE, T. G. WILLIAMSON, and H. R. J. WALSH, 

Research and Training Center, Indiana State Highway Commission 

This effort is aimed at development of a laboratory compaction 
test, which can be used without removal of the coarse sizes 
present, and which will simulate better the effort of modern 
field equipment. Innovations include larger molds filled in 
single lifts, a new head that covers the entire surface, and im
pacts from a vibratory shaker as well as from standard drop
hammers. The moisture-density curves obtained on Indiana 
granular base and subbase materials are compared to curves 
from the Standard and Modified Methods, and certain problems 
of technique are discussed. It is concluded that the new appa
ratus could be used to obtain realistic values for such materials. 

eFOR many years materials testing departments have been confronted with the problem 
of selecting a laboratory compaction test to be used for determining realistic values of 
maximum dry density and optimum moisture content for granular materials. Many dif
ferent methods of compaction have been tried in the laboratory ranging from vibrating 
tables (1) and vibrating tampers (2) to the more conventional AASHO drop-hammer tests . 
In many cases either a Standard AA.SRO or a Modified AASHO technique is specified 
such as in Indiana which uses the Standard AASHO T-99 Method C test. Two major ob
jections to the use of this particular test for granula1· mate1•ials are (al the AASHO 
specification requires removal of that fraction wllich will not pass the ¼-in. mesh sjeve, 
and (b) the compactive effort is transmitted through low-frequency impact blows. 

Unlike the laboratory test, the material in the field is compacted with all of its sizes 
present, and the compaction force is generally impacted to the materials by means of 
compactors which vibrate the individual particles into a dense mass. The cause of a 
difference in values from laboratory tests on only a fraction of the material could be 
an actual physical one, derived from the mechanical effect of the coarse particles, both 
on the materials response to the compaction forces and on the structure to which the 
material can be compacted, or it could be an error or difficulty in computation, a:rising 
from differences in specific gravity or absorption between the two fractions. In either 
case, the compaction characteristics of the minus ¾-in. fraction of a material may 
seem entirely different from those of the total gradation when the coarse aggregates 
are present. The method of applying the compactive effort obviously affects the com
paction which can be achieved, on a given material with a given energy, with the result 
that a variety of compactors are used in construction. 

These contrasts led to investigations of the possibility of developing some type of 
laboratory test which would more closely simulate actual field compaction techniques. 
Various agencies have made studies using vibratory equipment, and several of these 
are being examined by Sub-Committee R- 3, Committee D-18 of ASTM (3). Recently, 
the Soils Division of the Bureau of Public Roads started such a study, and after consul
tation with the Bureau, the State of Indiana also began to examine the problem. 

Paper sponsored by Committee on Compaction and presented at the 48th Annual Meeting. 
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The Division of Materials and Tests of the Indiana State Highway Commission re
quested that the Research and Training Center undertake this investigation using what
ever means thought to be most feasible. The basic type of apparatus tbat had been used 
by the Bureau of Public Roads was used to begin the study, with the idea that modifica
tions would be made to accommodate any problems which might arise. Their approach 
had involved a vibratory shaker, referred to here as a high-velocity impact (HVI) ham
mer. Since such a device operates by creating a rapid succession of varying impacts, 
rather than a harmonic force, it is not h·uly a vibrator. 

This report describes the problems found and the supplemental tests and apparatus 
modifications which were made, and in addition compares the results which were ob
tained in tests with these and with standard methods on granular materials such as are 
specified in Indiana. 

PURPOSE 

The primary purpose was to establish a means of compacting granular materials in 
the laboratory, using a type of testing method which would approximate field compaction 
conditions. Therefore, it was decided that the laboratory compaction technique to be 
applicable should be capable of (a) utilizing all sizes of aggregate commonly present in 
the field, (b) using only one initial loose layer, similar to a field lift, approximately 9 in. 
in original thickness and 6 in. when compacted, and (c) utilizing some type of compacting 
method which simulates the field equipment vibrating effect. This research was done to 
find whether such a test could be developed to the point that it could be expected to pro
duce 1·ealistic values for maximum dry density and optimum moisture content to be ap
plied to field compaction control. 

APPARATUS 

General Development 

The first step was the design of the testing apparatus which was to simulate field 
compaction conditions. The basic idea employed, as originally suggested by the Bureau 
of Public Roads, was to impart the compactive effort to the sample by means of an im
pact load applied at a very high rate of speed in comparison to the more conventional 
AASHO compaction tests. By applying the load in this manner, it was felt that a vibra
tion effect would be induced in the sample, thereby providing compaction similar to that 
obtained from field vibratory equipment. 

Under field conditions, the granular material is placed in a 9-in. loose lift and com
pacted to a 6-in. thickness (both thicknesses are approximate to within ± 1 in.). The 
field material contains the total gradation characteristics according to specifications 
and final compaction is achieved by imparting a vibrating action to the surface of the 
material, usually through a series of vibrating pads which actually apply impact blows 
to the surface of the material but at high frequency. 

To simulate field conditions, an HVI hammer was used in conjunction with a spe
cially designed compaction head to transmit the simulated vibratory motion to the 
sample. A stand and base plate were also designed to hold the hammer so that a given 
static surcharge load is applied to the HVI hammer while the sample being compacted 
is placed on a base which was constructed to simulate the compacted field subgrade 
soil. The sample is compacted in a standard CBR mold. Figure 1 shows the overall 
HVI apparatus. 

Equipment Details 

The hammer was bought new from the manufacturer, the Syntron Corporation. It is 
a Model 25 S, electrically operated, with a frequency of 3600 blows per minute. 

The CBR mold is the standard type and was not modified in any way. 
The stand and base plate consist of a steel plate, 11/. in. thick by 12 in. square, sand

wiched between two pieces of plywood, % in. thick by 15 in. square. A steel shaft, 1¼ 
in. round by 4 ft-3 in. tall, extends upward perpendicular to the base plate. The hammer 
is mounted on this shaft by a sliding collar and a special mounting bracket. The collar 
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I 

Figure 1. High-velocity impact opparatus. 

23d56 '89 

Figure 2. HVI head and standard 5.5-16 hammer. 

is drilled and tapped so that a setscrew 
can be tightened to hold the hammer at a 
convenient position on the shaft during 
nontest operations. Also attached to the 
shaft is a bolt over which one end of the surcharge spring is attached. The other end of 
the spring is fastened to the hammer, to pull it down onto the test soil. A third square 
of plywood, on the top of the base, is recessed so that the base of the CBR mold will fit 
into it. Strips of rubber hose are used as a rebound dampening mechanism inserted 
between the steel base plate and the top two pieces of plywood to absorb the HVI hammer 
shocks and to simulate more closely the effect of a subgrade soil under the field granular 
materials. 

The compacting head(Fig. 2) consists ofa ½.s-in. thick steel plate 1/s in. less in diameter 
than the inside of the mold, welded to a ¾-in. round shaft, 12 in. long. After welding, it 
was turned to final size so that it was perpendicular to its shaft. A ¼-in. thick rubber 
pad is fastened to the hammer head to help reduce aggregate degration during compac
tion. Trouble was experienced with the weld in the original design, and later stiffeners 
were added to account for high stress concentrations that built up during testing and 
broke the original weld configuration. Even the tapered stiffeners in the final version 
(Fig. 2) were not successful until their upper ends had been ground to a smooth fully 
welded transition with the shaft to elimintate sources of reflection of dynamic stress. 

Figure 2 also shows a standard 5.5-lb compacting hammer, used with the head in 
certain tests discussed later. It is included in the photogi·aph for scale and clarity. 

The device to measure the height (Fig. 3) of the compacted sample consists of a 
simple dial gage which reads to the nearest 0.001 in. fastened to a flat steel bar approx
imately 7 in. long. 

An electric timer is used to control the testing time interval. This timer is a Lab
Cron Model 1400 and is wired in parallel with the hammer, so that a switch operates 
both simultaneously. 
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The size of sample to prepare for each test was dependent on the type of test to be 
run. Standard AASHO T-99 Method C tests required 6-lb samples, Modified AASHO 
T-180 Method D tests required 12-lb samples, and the HVI tests required 15-lb samples. 

Initial Correlation Testing 

When the HVI apparatus development reached the point that it could be reliably used 
for testing and the choice of granular test materials had been made, a program was de
veloped to provide correlation data between the newly established test and more con
ventional AASHO testing method. Although Indiana specifies the use of the Standard 
AASHO T-99 Method C compaction test, it was decided to also employ the Modified 
AASHO T-180 Method D compactive effort to obtain further comparisons . 

Thus, during the first laboratory testing, each test (HVI, Standard AASHO and Modi
fiedAASHO) was performed I.or each material and gradation studied. For the AASHO 
tests, strict compliance to specifications regarding gradation was not possible, as part 
of the data involved testing samples containing particles larger than %-in. size . All 
other testing Cl'iteria were adhered to for the conventional AASHO testing. 

During this correlation testing phase, samples were first prepared to meet the total 
gradations and all compactive efforts being studied were applied to these samples. 
Other samples were made without the mateirial which would be retained on the ¾-in 
sieve, and the same compactive efforts were applied to that fraction in order to corre
late density values obtained for materials commonly used in the field (total gradation) 
with those obtained for the material normally compacted in the laboratory (minus ¾-in. 
fraction). 

Supplementary Laboratory Testing 

Based on the results of the preceding laboratory testing, it was decided to perform 
another series of tests to collect data that could be used to answer specific questions 
associated with the correlation results that had been obtained. Three types of tests 
were used. 

In all three of these test methods, the entire sample is compacted as one layer. The 
method, later called the "hammer-on-head," consists of applying blows of a standard 
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5.5-lb drop hammer to the shaft of the compaction head developed for the HVI test, thus 
distributing the force over the entire surface of the sample. In the second, the blows of 
the standard 5. 5-lb hammer are applied directly to the surface of the sample through 
the face of the drop hammer, and these were called "hammer-on-surface" tests. The 
third method was to use the HVI apparatus for a time of 30 sec. 

By calculating the mechanical work exerted by the HVI hammer in 30 sec, it was 
determined that 317 blows of the standard 5.5-lb hammer would be required to dupli
cate it. Therefore, 317 blows were used for both the hammer-on-head and hammer-on
surface tests. 

Determination of HVI Test Interval 

Before any attempt was made to develop compaction curves for the various mate
rials, it was necessary to establish an optimum time interval for which each sample 
should be subjected to the high-velocity impact vibrations. Samples of type 53 gravel 
were mixed to a constant moisture content of 5.0 percent and then subjected to compac
tion intervals of 10, 20, 30, 35, 60, 90, and 120 sec. As expected, the dry density in
creased as the length of compaction time increased with the range being from 135.6 pfc 
at 10 sec to 147.0 pfc at 120 sec (Fig. 5). The density at 60 sec was 143. 7 pcf, which 
appeared to be in agreement with density values attainable by field vibratory equipment 
(3); therefore, the time of vibration for the tests was set at 60 sec. 
- It was noticed during the initial laboratory testing, however, that for moisture con

tents at and above optimum, some ejection of fines (material passing a No. 200 mesh 
sieve) around the compaction head occurred. This action was similar to the phenome
non of pumping-after a given period of HVI compaction, water was moving up through 
the sample carrying fine particles that were being forced out around the edge of the 
compaction head. Inasmuch as this would change the gradation of the final compacted 
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sample from what it had been when originally placed in the mold, testing time was re
duced to 30 sec to eliminate this effect. This time interval, in addition to the 60-sec 
interval, was used for some samples. 

Procedure Check Tests 

To insure that the HVI hammer was functioning properly after extended periods of 
use, a check test was established using Ottawa sand as a control because it conforms 
to rigid specifications resulting in high reproducibility between samples. Dry sand and 
water were mixed to a moisture content of 5.0 percent and compacted with the HVI ham
mer. The moisture content was then checked and the dry density determined. The re
sults indicate that any wear or changes made in the hammer since the testing program 
began did not alter the test results on this material to any significant degree. Between 
July 1967 and May 1968, the check test gave dry densities varying from 108.2 to 109.2 
pcf, with no systematic change. 

A check was also made on the accuracy of the height of sample measurements and 
the subsequent volume determinations. The procedure was to compact the samples, 
take the dial readings and calculate the volume of the compacted material, then pour 
the remainder of the mold level full with melted paraffin. After the parrafin had solidi
fied, it was removed from the mold and its volume determined by the water displace
ment method. In the five test checks made, the volumes obtained from the dial readings 
averaged 0.0008 ft 3 less than those obtained by the paraffin method. This results in 
an average difference in density of l.lpcf or 0.8 percent, which was assumed to be 
negligible. The range was from 0.0005 to 0.0010 ft3

, and always less. 
A further check was made to determine if holding the technician to a specified testing 

procedure was keeping operator error to an acceptable minimum. In conducting a com
paction test with Subbase Type II material, two technicians performed different test 
points on the sample. The results indicated that the change of operator did not have 
a significant effect on the density values obtained using the HVI method as long as each 
operator followed the specified procedures exactly as outlined. 

DISCUSSION OF RESULTS 

Correlation Testing Phase 

For the samples containing the total gradation of the materials, the density values 
achieved using the Modified AASHO effort were approximately 102.5 percent of Stan
dard AASHO effort values for the Type 53 gravel and Subbase Type II and 104.4 percent 
for the Type 53 stone. When only the minus ¾-in. fraction of the material was used, 
Modified AASHO effort gave density values which were between 103 and-104 percent of 
Standard AASHO for all materials studied. These results are comparable to those ex
pected when comparing these two conventional tests (7). 

For the total gradation of Type 53 gravels, the Hvf method used for 30 sec gave 
density values equal to those obtained by the Modified AASHO effort. When the time 
was increased to 60 sec the HVI maximum density value was approximately 3 pcf higher 
than that obtained for 30 sec (Fig. 6). For the minus ¾-in. fraction, the HVI test den
sity at 60 sec was slightly lower than the Modified value and was 102.8 percent of the 
value achieved by the Standard AASHO test. The results obtained for the total gradation 
were consistently higher than those achieved when using only the minus %-in. fraction 
for all three test methods. 

The density results obtained for the total gradation of the Type 53 stone material 
were similar to those observed for the Type 53 gravel, except that the reduction of the 
testing interval for the HVI method from 60 to 30 sec did not appreciably change the 
maximum density value achieved (Fig. 7). This indicates that the crushed angular stone 
particles attain a practical maximum density value quicker than the rounded gravels, 
showing the efficiency of the HVI method when compacting stone materials. The HVI 
method gave maximum density values approximately equal to the Modified results and 
about 104 percent of Standard AASHO. 



For the minus ¾-in. fraction, the data 
(Fig. 7) show the HVI method at 60 sec 
closely duplicated Modified effort with both 
giving maximum density results which 
were 103 percent of Standard AASHO. 
Again, the maximum density values for the 
total gradation were about 3.0 pcf higher 
than those obtained for the minus ¾ - in. 
fraction for all three test methods. 

As the density values for the Type 53 
materials compacted for 30 sec using the 
HVI apparatus achieved results compara
ble to Modified AASHO effort, and also as 
this testing interval eliminated the adverse 
pumping effect previously discussed, it 
was assumed that this would be an opti
mum test condition. 

The results obtained for the Subbase 
Type ll material were radically different 
in that the HVI test applied for 60 sec pro
duced maximum density values which were 
only equivalent to Standard AASHO effort 
and were only 97 percent of the values ob
tained from the Modified effort tests 
(Fig. 8). Also, the difference in values 
when comparing the total gradation results 
to the minus ¾-in. fraction data was al
most negligible, probably because too few 
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coarse particles were present to cause a Figure 6. Compaction curves, Type 53 gravel. 
great effect. Only 8 percent of the sub-
base material was retained on a ¾-in. sieve, whereas for the Type 53's this value 

was approximately 20 percent. 
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Figure 7. Compaction curves, Type 53 crushed stone. 

12 

Another noticeable difference is 
that the HVI compaction curve for 
the Type 53's is relatively steep, 
especially on the dry side of opti
mum when compared to the curves 
obtained by the conventional methods, 
but this difference is much less evi
dent for the Subbase Type II material. 

Inherent Testing Difficulties 

The HVI hammer method was de
signed so that the effect of the tech
nician was kept as minimal as possi
ble. The sources of error associ
ated with the HVI test are not the 
same as those associated with the 
conventional AASHO compaction 
tests. The procedures of performing 
this test are such that the major 
sources of error would be in weigh
ing the sample (an error which does 
also exist for the more conventional 
laboratory test), in the time interval 
used, or in determining the volume 
of the sample. 
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Figure 8. Compaction curves, Subbase Type II. 

The effect of not using an exact time 
interval would result in only a very min
or variation in density, assuming the op
erator were within a few seconds, which 
is a very simple tolerance to maintain 
with the electric timer used. All of the 
tests performed have indicated that ± 0.2 
sec would be a maximum error for a 
competent technician, and this error 
would have a negligible effect on the 
density achieved (Fig. 5) . 

The compacting action of the HVI test 
provides a very smooth and level surface 
for the compacted specimen and facili
tates an accurate measurement of volume. 
As discussed previously, the procedure 
check tests have shown this to be a negli
gible source of error. 

In contrast to the relative ease of 
carrying out the HVI test are the diffi
culties encountered in performing the 
more conventional AASHO laboratory 
compaction tests on these granular ma
terials, especially with the total grada
tion present. Problems were encountered 
with the Standard and Modified tests in 
the area of leveling off the compacted 

sample even with the top of the mold and getting the proper compactive effort by placing 
equal layers and using the hammer correctly. The samples containing all sizes of ma
terial caused a considerable amount of trouble with the striking-off process. The vol
ume of both the Standard AASHO mold and the Modified AASHO mold are predetermined 
and are based on the mold being exactly level full; therefore, a considerable error can 
be introduced if the sample is not properly struck off. Also, the depth of each lift to be 
compacted is quite critical, especially for materials such as Subbase Type II which con
tain up to 10 percent passing the No. 200 sieve. The proper use of the hammer is a 
function of the manual effort of each individual operator as it involves pulling the drop 
hammer all the way up to the top of the cylinder each time without raising the casing 
above the material to be compacted. All of these variables can induce error in the test 
results. 

Degradation Observed During Testing 

The gradations of the materials were checked before and after compaction for the 
tests performed at optimum moisture content. Degradation was almost nonexistent for 
those samples which contained the total gradations of the materials. 

For the samples containing only the minus ¾-in. fraction, however, some degrada
tion was observed. For the Type 53 gravel, the Modified AASHO effort increased the 
percent of material passing the No. 200 mesh sieve by 5.2 percent. For the Type 53 
stone, the HVI and Standard AASHO efforts caused an increase of approximatley 1 per
cent passing the No. 200 mesh sieve whereas the Modified AASHO effort resulted in a 
corresponding increase of 2.4 percent. This led to the obvious conclusion that the 
higher abrasion-resistant characteristics of the stone resulted in less degradation than 
was observed for the gravels, with approximately the same effects for the HVI method 
and Standard AASHO effort for the Type 53 graded materials. 

The degradation of the Subbase Type II material was minimal in comparison except 
that the HVI hammer did produce a small change in the percent passing the No. 200. 
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Supplementary Test Phase 

During the previous laboratory testing, the correlation data indicated tbat the HVI 
method produced maximum density values comparable to those achieved by the more 
conventional AASHO tests, but that the general shapes of the compaction curves were 
different. Although the density data obtained from the HVI tests provide extremely 
well defined and reproducible compaction curves, the curves are relatively steep in 
comparison to the AASHO curves on the dry side of optimum. This indicated that some 
characteristic of the HVI test caused large changes in density for correspondingly small 
changes in moisture content. Therefore, a supplementary series of laboratory tests 
was conducted to determine what physical difference between these tests caused this 
phenomenon. 

The main physical differences between the HVI test and the conventional AASHO 
tests are (a) the speed and frequency at which the compactive effort is applied, (b) the 
amount of energy involved, (c)theone-layer approach used with the HVI method versus 
the multiple layers associated with the AASHO tests, (d) the use of a surcharge spring 
which applies a constant static load for the HVI method, and (e) the size of the compac
tive head that transmits the compactive energy to the sample. With respect to (e) the 
bead used with the HVI appa1:atus distributes the load over a large1· area resulting in 
lower stress levels on the surface, but imposes such constraint that the sample cannot 
be sheared locally as with the smaller head. 

Because of the practical difficulties when using the standard drop hammer of dupli
cating the mass and spring constant associated with the static surcharge load involved 
in performing the HVI test, any effect of (d) was left for future investigation. Difference 
(b) could be held constant by equating compactive energies and (c) could be eliminated 
as a variable by using a one-layer system for all test methods. By doing this, factors 
(a) and (e) could be investigated by conducting a supplementary series of compaction 
tests. 

As the steep compaction curves were most pronounced for the Type 53 stone mate
rials (Fig. 7), supplementary laboratory testing was confined to this gudation. The 
material used was a combination of crushed limestone and fine blow-sand combined in 
an 85 to 15 percent proportion by weight. The gradations of the components and the 
final combination are shown in Figure 4; the compaction curves are s hown in Figure 9. 
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Figure 9. Compaction curves, Type 53 
stone-supplementary test series. 

Tbe hammer-on-surface tests resulted in the 
lowest densities for both gradations, indicating 
that the use of a compaction head approximately 
the same size as the mold results in more effi-
cient compaction. The hammer-on-head method 
produced slightly lower densites than the HVI 
test, with optimum moisture contents approxi 
mately 1 percent higher. Also, the curves fo1· 
the HVI tests were steeper for botl1 gradations. 

On the basis of these test results, approxi
mately the same densities can be obtained for 
the Type 53 stone by applying the impact force 
in the more conventional slow- speed impact 
manner as can be developed by applying the 
same impact force through the HVI approach 
when a similar compaction head is used. This 
is especially true of the minus %-in. fraction. 
The comparison is not quite as valid when the 
total gradation is used, indicating that the HVI 
method results in a more efficient compaction 
process than the slow-impact approach, in 
coarser materials. 

When the maximum densities obtained on 
each of the two gradations by the hammer-on
surface method are compared, they are effec-
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tively equal, so that tests on either the total gradation or the fraction would yield con
trol values for density and moisture which are satisfactorily equal. The same is true 
for the hammer-on-head. However, the HVI test produced significantly higher density 
for the total gradation than for the fraction. 

A possible explanation could be that the presence of the larger size particles results 
in a void system in the mass and that the induced vibration of the HVI system tends to 
migrate the smaller particles into the voids, thus providing more efficient compaction. 
On the other hand, the lack of a vibration effect in the slower speed tests does not per
mit this to occur, resulting in nearly identical density values regardless of the indicated 
differences in gradation. 

Overall Discussion 

A comparison can be made between the HVI hammer density results achieved for the 
Type 53 stone during the supplementary phase and during the correlation testing period. 
Although both materials were primarily crushed stone graded to meet Type 53 specifi
cations the component aggregates used to achieve the gradation were different and the 
gradations were slightly different (Fig. 4). For a 30-sec testing time the density achieved 
during the correlation phase was 146.0 pcf (Fig. 7) and during the supplementary phase 
the value achieved was 147.0 (Fig. 9) indicating excellent reproducibility between ma
terials having similar gradations and physical characteristics, when using the HVI 
method. 

CONCLUSION 

The results of all testing carried out in this study indicate that if the HVI method is 
used as a standard laboratory test relatively steep compaction curves will result but 
maximum density values can be accurately determined. This steepness imposes a 
stl•ict moisture control on field construction if the contractor is to achieve densities 
equal to those obtained in the laboratory. It has been indicated in field tests done under 
other programs that construction equipment is capable of achieving density values much 
higher than those obtained by the Standard AASHO test which is now specified by the 
Indiana Highway Commission. However, the steepness of the curves obtained with the 
HVI test, on the dry side of optimum, together with the extrusion of water and fines 
observed in some tests on the wet side of optimum, indicates that accurate laboratory 
values are more important for the granular materials than would have been suspected 
from this limited field experience. The HVI apparatus could be used to obtain the 
needed control values. 
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Discussion 
JEROME R. BLYSTONE and PRESTON C. S:MITH, Bureau of Public Roads-The auth
ors have made a rather thorough evaluation of the developed compaction apparatus. The 
conclusions based on the presented data are generally adequate. However, it seems that 
the steepness of the HVI compaction curves on the dry side of optimum moisture content 
may be partially due to a cause not discussed by the authors. 

It is stated that the CBR mold is the standard type and was not modified in any way. 
The CBR mold in AASHO Designation: T 193-63 (Standard Method of Test for the Cali
fornia Bearing Ratio) and in ASTM Designation: D 1883-67 (Standard Method of Test for 
Bearing Ratio of Laboratory-Compacted Soils) has ½a in. perforations in the base plate. 
In tests with similar vibration compaction apparatus, but using an unperforated base 
plate, the Bureau of Public Roads laboratory found that vibration of the granular mate
rial caused water to be exuded between the bottom of the cylinder and the base plate, and 
to accumulate at the top of the specimen. More water was exuded (a) in 60 sec than in 
30 sec and (b) as the spcimen approached optimum moisture content. The authors state 
that, after the specifnen has been compacted, the entire sample is removed from the 
mold, placed in a pan and weighed, and then oven-dried for the moisture content determ
ination. They do not state that water was lost from the specimen during the compaction 
process, but it seems that progressively more water may have been lost from each suc
cessive specimen before the optimum moisture condition was attained, which would 
partly account for the steep curve on the dry side of optimum moisture content. 

If water is vibrated from the specimen in the laboratory test and is not accounted for 
in the moisture content determination, the laboratory optimum moisture content value 
is not valid for guidance in field compaction with vibratory equipment, unless some cor
rection to the laboratory value is made. 

If vibration causes loss of water in the laboratory test, it seems that a correlation 
of laboratory compaction curves with curves developed with field compactors is needed 
before the laboratory value of optimum moisture content can be used for guidance in 
field compaction. It is possible that water movement in noncohesive granular material 
is different under vibratory field compactor pads than in confined laboratory specimens 
compacted with a high-velocity hammer. 

H. R. J. WALSH, Indiana State Highway Commission, Closure-The comment by Blystone and 
Smith is very helpful, and the authors regret that the preprint did not contain these de
tails. A perforated base plate was not used with the CBR mold. Instead, the base plate 
was the solid version, which is interchangeable with the perforated base and widens the 
uses to which the apparatus may be put. Obviously, it was not perceptive to refer to the 
apparatus as "standard" and "not modified in any way," when it would be reasonable to 
expect a reader to assume that the apparatus conformed fully to the relevant specifica
tions. With the unperforated base plate, it should be noted that only the mold and ex
tension collar were used, without filter paper or spacer blocks. The statement that the 
mold was a standard type and unmodified was meant only to indicate that the items were 
obtained from a regular source and were not altered, as by machining or welding. 

Exuding of water, and of fines as well, was indeed observed, for certain specimens 
at certain moisture contents, and was reported. Here also, this was found to increase 
with time and with moisture content. However, it did not occur below optimum moisture 
content in any of the materials tested, and appears also to depend on gradation as it did 
not occur in the materials with a lower percentage of coarse sizes. As merely account
ing for the exuded materials in calculations did not seem to be an adequate solution, a 
test series at 30 sec was also done for any material which had exhibited this behavior 
in the 60-sec series, and this did stop the loss. Both curves are reported, and the 30-
sec curves are equally steep on the dry side of optimum, although no water or fines 
was exuded, and the base plate was not perforated. 
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During the condensation of the manuscript for publication, some reorganization of 
material was necessary. Therefore, we repeat this conclusion: "The steepness of the 
HVI compaction curves on the dry side of optimum indicates the necessity of careful 
moisture control if laboratory established values are to be achieved in the field. Thus, 
use of a standard laboratory test such as the HVI method which would permit the State 
to advise the contractor of an accurate optimum moisture content related to field com
paction would greatly benefit his efficiency in obtaining the necessary compaction." By 
this it was not intended to imply that these data had been correlated with field measure
ments, but only to make clear that such a finding would emphasize the need for a better 
laboratory method. The hypotheses in the last two paragraphs of the discussion are 
concurred with, as they further emphasize this need, and field correlation is most de
sirable. In this regard, although it may be difficult to detect or measure water exuda
tion in a field situation, where lateral or downward flow might conceal it, it is certainly 
conceivable, as when a loose saturated uniform noncohesive deposit is disturbed, for 
example. 



Pressuremeter Correlation Study 
C. M. HIGGINS, Louisiana Department of Highways 

This paper presents a comparison of shear strengths of cohesive soils obtained 
by use of the Menard pressuremeter system and those obtained by conventional 
methods. Consolidated undrained triaxial tests were run at a constant strain 
rate of 0.05 in./min with no pore pressure measurements. Results are in 
terms of total stress and, for comparison with the pressuremeter results, 
are given in graphed form as the maximum shearing strength at the effective 
overburden pressure. This method was used since the effective overburden 
pressure is the lateral pressure at the test depth at the beginning of the pres
suremeter test in normally consolidated soils. 

The correlation was very good for soft fairly uniform soils, but the pres
suremeter showed consistently higher strengths than conventional tests in 
soils where areas of material different from the majority of the material in 
the samples are interspersed within the sample, or where other types of dis
continuity occurred. The results seem to indicate that the 18-in. testing 
area of the confined material by the pressuremeter yields a strength predic
tion intermediate between that of the majority of the material and that of the 
weaker areas in the sample, whereas the conventional test strengths are prob
ably those of the weakest areas in the cores. 

The pressuremeter has several inherent advantages over conventional 
tests, in that it is portable and performs the test in-place, thus, at least in 
theory, subjecting the tested material to less disturbance. It is faster and some
what more economical. It has several disadvantages in that it is extremely 
sensitive to hole size, sharp aggregates within the sample may cause bursting 
of the probe, and special methods will probably be required for noncohesive 
soils. 

Considering the conditions of the testby the pressuremeter, itseems prob
able that the pressuremeter-derived strengths may be closer to the average 
confined in-place strength of the soils than those obtained by conventional 
methods. However, these are average strengths and not the strength of the 
weakest material. 

•THE determination of in-place soil conditions at construction sites has long been a 
problem of major proportions. In early 1966, an in-place testing device, the Menard 
pressuremeter system, was demonstrated in Chicago. Preliminary indications were 
that this system might be workable. Accordingly, the Louisiana Department of High
ways, in cooperation with the Bureau of Public Roads of the Federal Highway Adminis
tration, initiated a study to determine whether a correlation could be established be
tween shear strengths obtained by this system and those obtained by conventional 
methods. 

METHOD OF PROCEDURE 

Equipment 

The Menard pressuremeter consists of two main portions, a probe and a pressure
volumeter (Fig. 1 ), connected by plastic tubes through which water and gas pressure 
are applied. 

Paper sponsored by Committee on Strength and Deformation Characteristics of Pavement Sections and 
presented at the 48th Annual Meeting. 
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The probe is a cylindrical metal assembly with 
rubber membranes attached in such a manner as 
to effectively form three independent cells. The 
central measuring cell contains water under gas 
pressure (CO2 ) so that the increase in volume of 
this cell is measured by the lowering of the water 
level in the volumeter at the surface. The upper 
and lower cells are known as guard cells and ex
pand under equal gas pressure from the surface 
to minimize the effects of end restraint on the 
measuring cell. 

The volumeter is so equipped that a monitored 
gas pressure can be used to force water into the 
measuring cell. In addition, a measured gas 
pressure is applied to the guard cells. 

The plastic tube going to the measuring cell is 
enclosed inside the larger plastic tube going to 
the guard cells to minimize and virtually eliminate 
expansion of the tube going to the measuring cell. 
Any expansion of this tube would lead to errone
ous estimates as to the amount of water being 
forced into the measuring cell. 

The pressuremeter probe applies a radial 
pressure to the soil around the probe. The pres
sure gage and volumeter allow simultaneous mea -
surement of pressure and volume change of the 
probe. 

Operational Concept 

VOLUMETER 

- ! 

Figure I. 

Data are obtained by applying increments of pressure to the water in the measuring 
cell of the pressuremeter and recording the corresponding changes in volume at 15, 30, 
and 60 sec after application of the pressure. Tests are taken throughout the depth of 
the hole with a common interval between tests of 3 ft. The information obtained is plot
ted on a graph of pressure versus volume and ideally yields curves similar to those 
shown in Figure 2. 

The upper solid curve is a plot of the 60-sec readings versus the volume as read on 
the volumeter. There is a sloping lead-in phase where the earth pressure is being re
stored to that which existed prior to the removal of the soil from the hole. This is fol -
lowed by a linear or nearly linear phase. 
From this portion of the curve, which 
would be an elastic stage if soil were an 
elastic isotropic material, an approxi
mation of the Young's modulus of the 
material is obtained. Following this 
pseudoelastic portion of the curve is an 
area where the volume change increases 
rapidly, and the curve asymptotically 
approaches a vertical line. It is at this 
point that the so-called limit pressure 
(P1 ) is reached This gives a direct in
dication of the bearing capacity of the 
soil. 

There are several factors that must 
be considered, however, in determining 
a final limit pressure. First, the re
sistance of the probe itself must be ac
counted for. This is done by running 
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the same type of curve on the probe alone without insertion in the ground (dashed curve, 
Fig. 2 ). The pressure required for this expansion of the probe may then be obtained 
for any volume and applied as a correction to the observed pressure. Second, the pres
sure due to the head of water at the particular depth must be added where necessary. 
Third, a correction for the expansion of the water tube must be made if necessary. For 
normal cohesive soils this correction may be neglected due to the construction of the 
tube. With these corrections, a corrected pressure versus volume curve may be plot
ted that more nearly indicates the true pressure volume ratios. 

The lower solid curve (Fig. 2) is a plot of the volume change between the 30- and 
60-sec readings. This plot shows the tendency of the material to deform with time. 
The point where this curve makes a definite upward break is designated as the creep 
pressure (Pf) and usually correlates fairly closely with the end of the pseudoelastic 
portion of the pressure volume curve. 

Calculations 

The method of calculation of the shear strength of soils from data obtained by the 
pressuremeter test was explained by Menard (13 ). The calculations involved in ob
taining E (approximate Young's modulus) were "al.so explained (14). A good discussion 
of the theoretical considerations involved in the pressuremeter test is given by Gibson 
and Anderson (~). 

Field Data Collection 

Most of the data were taken with an NX size probe inserted into the hole from which 
the Shelby tube sample had been extracted Readings were taken at the approximate 
center of the increment of hole from which the sample was taken. These tests were 
made immediately after the removal of the sample by the Shelby tube and not after the 
entire hole had been sampled. 

A few samples were taken from augered holes with cores taken from holes as close 
as practicable to the augered holes for conventional testing. Data were obtained from 
projects consisting of a variety of cohesive soils. 

During the collection of these data several peculiarities of the device or problems 
with the device were noted. 

1. The probe is extremely sensitive to hole size. 
2. When the probe is used in a material which contains angular aggregate particles, 

it is necessary to apply a heavy plastic tape to the probe to keep it from bursting. In
ertia curves with the taped probe must be run to apply the proper correction to the mea
sured pressure-volume curve. 

3. In very soft material where the inertia of the probe approaches the strength of the 
soil, the probe must be used without the outer rubber sheath; and, in addition, a softer 
rubber membrane may be used for the measuring cell. 

4. Because of the pressuremeter's sensitivity to hole size, the disturbance caused 
by taking more than one core before testing with the pressuremeter was often sufficient 
to enlarge the hole so as to invalidate the information obtained by the pressuremeter at 
the upper sampling and testing levels. 

5. For many of the tests made, a sufficient quantity of water was not available in the 
volumeter to reach the actual limit pressure. For these cases, we adopted a method 
which assumes that the plastic phase of the P-V plot is hyperbolic. This method was 
derived from a paper by Robert L. Kondner (6) and modified to fit our need. A more 
detailed description is contained in Research -Report No. 31, Louisiana Department of 
Highways. 

6. Tests in sand will require special treatment. 

Laboratory Testing 

At the outset, it was recommended by the lessors of the pressurementer that shear 
strengths obtained by the pressuremeter be compared with the results of conventional 
unconfined compression tests. It was later recommended that the results be compared 
with consolidated undrained triaxial tests results. 
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Accordingly, some of the test sites were tested only in unconfined compression and 
some were tested only by consolidated undrained triaxial tests. For some test sites 
both types of test were run. The triaxial tests were strain controlled and conducted at 
a rate of 0. 05 in./min with no pore pressure measurements taken; consequently, all re
ported data are based on total stresses. 

For purposes of graphical illustration the shear strengths of the materials were 
computed at the effective vertical overburden pressure at the depth of the pressure
meter tests. This method was chosen because the vertical overburden pressure is the 
lateral pressure at the beginning of the pressuremeter test. 

RESULTS OF TESTS 

Figure 3 plots shear strengths obtained by pressuremeter testing versus those ob
tained by unconfined compression testing for one location near a stream in the Louis
iana coastal area. The soil ranged from a very soft silty clay to a silty loam material 
with many of the individual samples containing organic matter. The organic content 
ranged from practically zero to as high as 65 percent and natural moisture contents 
were in many cases very close to the liquid limit. 

Figure 4 is a similar plot for a location near Sorrento, with pressuremeter results 
plotted versus triaxial results. The soils ranged from silty clay to sandy loam (small 
concentrations) and many of the samples contained concentrations of iron oxide ma
terial, this condition becoming more pronounced with increase in depth. The natural 
moisture contents were near or somewhat above the plastic limit of the material for 
most samples. 

DISCUSSION OF RESULTS 

The correlation between pressuremeter results and conventional results for the soft 
materials in the coastal area was very good (Figs. 3, 4, 5). However, as stronger 
soils were encountered a definite disparity in results by the two methods developed with 
the pressuremeter showing greater strengths. This difference is noticeable at larger 
depths in Figure 4 and at all depths in Figure 5. 
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To establish the reason or reasons for this 
difference, samples of the soil at two elevations 
at the site near Baton Rouge were secured. 
This material was broken down to a maximum 
No. 4 sieve size and remolded at the natural 
moisture content and density of the cores pre
viously tested from these elevations. 
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As an additional check on the cause of the 
variance between the pressuremeter shear 
strengths and conventional shear strengths, thin 
slices were taken from the middle of several 
cores. Through the cooperation of the Coastal 
Studies Institute of Louisiana State University, 
radiographs were made of these slices. In 
addition, photographs were made of these thin 
sections. 
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Figure 5 shows a plot of shear strengths 
as obtained by the pressuremeter versus those 
obtained by triaxial tests for a test site near 
Baton Rouge. The soils ranged from heavy 
clay to silty clay with small silty pockets oc
casionally interspersed in the cores and con
centrations of iron oxide occurring and be
coming more prevalent as depth increased 
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Additional tests were run in these and other 
areas but are not included herein. A report 
giving more complete description of all testing 

10.7 - 11.3 IJ.3 - 12,0 

Figure 6. 

and the soils involved is available from 
the Louisiana Department of Highways. 

The photographs and visual observa
tion of the cores from coastal area indi
cate afairly homogeneous mixture of clay 
and organic matter (Fig. 6). The radio
graphs, however, reveal that there are 
spot concentrations of heavier organic 
material and some wood fragments within 
the material (Fig. 7 ). The concentrations 
are not generally layers, but rather rep
resent a random orientation of highly or
ganic material. 

It might be expected that these condi
tions would result in a sample that, on the 
average, would yield very similar results 
from any segment tested within the 3 -ft 
sample obtained; and that pressuremeter 
shear strengths, which are measured 
over an 18-in. testlength, should correlate 
well with conventional tests results taken 
on a smaller segment of the sample. 

Figure 3 indicates that this supposi
tion is correct since a reasonable corre -
lation is established between pressure
meter estimated shear strengths and those 
estimated by unconfined compressive 
strength tests. Other soils tested in 
similar areas also revealed a reasonable 
correlation between pressuremeter shear 
strengths and unconfined shear strengths. 
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10.7- 11.3 11.3-12.0 

Figure 7. 

13.0-15.0 22.0-25,0 
Figure 8. Sorrento radiographs. 

For the Sorrento site, Figure 8, together with visual observation, indicates the pres
ence of concentrations of material consisting primarily of calcareous material and iron 
oxide with some manganese oxide. The concentrations occur both as nodules and as 
large conglomerate concentrations. These more extensive concentrations are especially 
prevalent in the cores at elevations below about 15 ft. 

Another characteristic of the soils which affects the overall strength pattern is the 
presence of pockets of soil of a different nature than that of the predominant material. 
Figure 8 shows concentration near the top of a core which is a predominantly silty clay 
material. Figure 4 indicates that the pressuremeter tests results correlate very well 
with the triaxial results to a depth of about 12 ft. From this point downward the shear 
strengths start to deviate from each other with the pressure meter reflecting consis -
tently higher shear strengths. Average curves fitted by computer demonstrate this 
trend. These curves are plotted as dashed lines in Figure 4. 

This trend has been noted in previous tests with the pressuremeter. This difference 
in strengths has not been fully explained, but is attributed in part to excessive sarµple 
disturbance at greater depths using open drive sampling, and the fact that shear strength 
built up on a vertical plane , as is the case in the pressuremeter test, is greater than 
that on planes inclined at 45 deg, as in the unconfined and triaxial tests (_g_). 
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16.3 - 17.2 17.2 - 18.0 19.0 - 19.8 20. I - 20. 9 

Figure 9. Baton Rouge. 

It is probable that for the particular set of conditions at this location additional con -
tributions were made to this deviation by the presence of the nodules and concentrations 
of iron oxide at the greater depths and by the presence of small concentrations of soil 
within the core different from the majority of the material in the core. 

There is a considerable difference between pressuremeter shear strengths and those 
obtained by triaxial testing throughout the depth of the test hole at the Baton Rouge test 
site (Fig. 5 ). This is in contrast to the results at the Sorrento site where the deviation 
tended to increase with depth. 

The radiographs and photographs (Figs. 9 and 10) at the Baton Rouge site also reveal 
the presence of considerable accumulations of iron oxide (some manganese) mostly in 
the form of stratified concentrations with some of the strata vertical and some hori
zontal in the sample. These concentrations are in some cases hard material, but gen
erally are quite soft. 

In addition, the radiographs and photographs show small but distinct strata of soil 
different from the majority of the soil interspersed within the cores. This is especially 
obvious for the sample from 20.1 to 20. 9 ft (Fig. 9 ). 

This particular sample showed an even wider variance between the pressuremeter
derived shear strength and the triaxial shear strength than most of the other samples 
from this hole (Fig. 5). · 

It seems probable that these areas of different material within the cores, whether 
primarily iron oxide or different soil, are the principal cause of the large deviations 
between the pressuremeter-derived shear strengths and those obtained by conventional 
testing. In testing soils either by unconfined compression or triaxial testing the sample 
most probably will fail at the weakest point within the core. This point of weakness 
may be caused by a weak stratum of soil within the specimen, soft deposits of iron or 
manganese oxide, or hard rocklike aggregations of the iron oxide. In any event the 
failure is likely to occur at these points of abrupt change. 

The pressuremeter, on the other hand, tests the in-place soil over an area about 
18 in. in height. Even though the testing cell of the probe is fairly flexible in order to 
conform to the configuration of the surrounding soil, it is extremely unlikely that enough 
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of a balloon-like effect could be created in these small areas of weakness to show an 
apparent failure on a plot of volume versus pressure based solely on the yielding of 
these small areas. 

It is much more probable that the failure point (limit pressure) observed by the pres
suremeter test is based on the average strength of the 18 in. of material tested. This 
is not to imply a straight line average but that the in-place strength measurement lies 
somewhere between the strength of the weakest strata and the strength of the majority 
of the material in the test area. The amount of influence of the weaker material would, 
of course, depend on the thickness of the stratum or strata involved. Since most of the 
concentrations of iron oxide and softer soil are very small when compared to the 18-in. 
test size of the pressuremeter, it is probable that the strength measured by the pres
suremeter is nearer to the strength of the majority of the material in the test area. 

Samples of the material from two levels at the Perkins Road test site were remolded 
at natural moisture content and tested triaxially. One of the samples (15-18 ft) showed 
a drop in strength for the remolded sample when compared with the results obtained 
from the original core, while the other sample (19-21 ft) showed a small increase for 
the remolded sample. For the elevation where the remolded strength dropped, the 
variation between pressuremeter-estimated shear strength and triaxial test shear 
strength was not as great as for most of the other specimens tested (Fig. 5); therefore, 
this elevation was picked for remolded testing. 

The other sample (18-21 ft) was selected for remolding because one of the greatest 
variances between conventional shear strengths and pressuremeter shear strengths oc
curred at this elevation. There was a slight increase of strength for the remolded 
sample. 

In order to examine the pertinence of the data concerning the remolded soils, let us 
consider the "sensitivity" of soils to remolding or disturbance. 

Assuming that a specimen taken for conventional testing is undisturbed, then the 
amount of the strength drop from undisturbed to remolded is a measure of the sensi
tivity of the soil. The larger the drop from undisturbed to remolded the more sensitive 

Figure 10, 
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the soil is considered. Conversely, the fact that no decrease in strength occurs upon 
remolding or that the strength actually increases for the remolded sample may be an 
indication that the undisturbed sample is in fact disturbed. 

One of the remolded cores (15-18 ft) exhibited a slight strength loss when compared 
to the original test on the undisturbed core, while the other remolded sample (19-21 ft) 
exhibited a slight strength gain. These results would seem to indicate either an insen
sitive soil or badly disturbed original cores. The radiographs and photographs (Figs. 9 
and 10) do not indicate a great deal of the distortion commonly associated with badly 
disturbed cores, and the most likely conclusion seems that the cores were not greatly 
disturbed. 

Considering the factors presented by the remolded samples in conjunction with the 
information furnished by the radiographs, photographs, and visual observation, it seems 
probable that, although part of the difference between pressuremeter shear strengths 
and conventional shear strengths may be ascribed to disturbance during sampling, the 
major portion of the variation is due to the concentrations of different material occur
ring within the cores. This supposition is, of course, reinforced by the fact that the 
photographs and radiographs of the sample from 20-21 ft show a definite layer of a 
different material within the core and that this is an area where a large difference be
tween pressuremeter results and triaxial results was noted. 

These factors probably explain the higher pressuremeter strengths at depth; how
ever, they do not point out the reason for deviation throughout the depth at the Baton 
Rouge site while the correlation was good near the surface at Sorrento. 

Examination of the radiographs of the soil at the Perkins Road test site (Fig. 10) 
reveals one basic difference between the condition of the soil at this test site and that 
at the Sorrento test site. At the upper elevations and diminishing as depth increases, 
there are many hairline cracks throughout the core samples. The presence of iron 
oxide concentrations in the cracks is evidence that this condition is not due to drying 
out of the materials after the samples were taken (circled areas, Fig. 10). Schuster 
(16) has pointed out some of the problems ae1sociated with estimation of shear strengths 
infissured clays. One of the problems is that where triaxial tests on small samples 
of these clays are run, falsely high estimations of shear strength may be obtained. One 
probable reason for this condition is that these fissures may not be present in the par
ticular core sample tested. This situation has also been noted by other researchers. 

At the Baton Rouge test site, the cracking is localized, due to some extent to root 
channels, but probably primarily due to desiccation of the material. It seems likely 
that since the cracking is not in the form of large or extensive fissures or cracks 
exactly the reverse effect of that described by Schuster might apply; that is, the effect 
of the cracking would be to cause incipient failure planes in the small test specimens 
while not lowering the overall strength of the confined in-place material tested by the 
pressuremeter by an equal amount. Other tests run in area containing soils with a 
similar cracking pattern seem to support this theory. 

CONCLUSIONS 

1. The correlation was very good for soft fairly uniform soils, but the pressuremeter 
showed consistently higher strengths than conventional tests in soils where areas of 
material different from the majority of the material in the samples are interspersed 
within the sample, or where other types of discontinuity occurred. This was true whether 
the interspersed material consisted of iron oxide, calcareous material, or simply a 
different type of soil, such as a silt pocket, within a predominately silty clay material. 
These results seem to indicate that the 18-in. testing area of the confined material by 
the pressuremeter yields a strength prediction intermediate between that of the majority 
of the material and that of the weaker areas in the sample, while the conventional test 
strengths are probably those of the weakest areas in the cores. 

2. The pressuremeter has several inherent advantages over conventional tests, in 
that it is portable, allowing testing in areas not easily sampled by conventional means; 
it performs the test in place, thus, at least in theory, subjecting the tested material to 
less disturbance; it is faster since all testing is completed in the field; and it is some-
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what more economical. It also has several disadvantages in that it is extremely sensi
tive to hole size, sharp aggregates within the sample may cause bursting of the probe, 
and special methods will probably be required for noncohesive soils. 

3. Considering the conditions of the test by the pressuremeter, it seems probable 
that the pressuremeter derived strengths may be closer to the average confined in
place strength of the soils than those obtained by conventional methods. It should be 
remembered, however, that these are average strengths and not the strength of the 
weakest material. 
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Discussion 

H. Y. FANG, Fritz Engineering Laboratory, Lehigh University-Mr. Higgins presents 
interesting and comprehensive test data on the comparison of shear strength measure -
ments obtained by a Geocel pressuremeter with those obtained by conventional methods. 
The writer wishes to provide additional information concerning both the apparatus and 
test methods for a similar study developed at the AASHO Road Test. 

In 1956, researchers at the AASHO Road Test developed an internal-deformation de
vice for measuring the creep volume change due to lateral pressure in a soil mass. The 
work was based on a laboratory three-dimensional consolidation test which had been 
developed at Purdue University (18). 

The internal-deformation device consisted of three main parts: a perforated pipe, 
a precision piston-cylinder system, and a fluid displacement meter. The perforated 
pipe was covered with a rubber membrane, and connected to an extension pipe. The 
length of the extension pipe depended on the depth at which the test was to be per
formed. The upper end of the extension pipe was connected to the precision piston -
cylinder which was activated by a hydraulic jack. The piston-cylinder unit was arranged 
so that 1-mm movement of the piston displaced 0.2-ml fluid (oil) into the rubber mem
brane. A metal chain connected the piston in the cylinder to a fluid displacement meter. 
The electromechanical meter consisted of a Wheatstone bridge potentiometer which 
measured any displacement of the piston resulting from volume change in the mem -
brane. Before use, it was necessary to calibrate the device for friction of the piston 
against the cylinder wall, friction of the chain due to its movement, elastic resistance 
of the rubber membrane, and fluid temperature change. 

To operate the device, pressure was applied by the hydraulic jack. This resulted 
in lateral pressure being applied to the soil through the rubber membrane and, as the 
soil deformed under the applied pressure, the volume change was monitored on the 
fluid displacement meter. 

The device has been used successfully for both laboratory and field tests. In the 
laboratory, the deformation characteristics of soils prepared at various compactive 
efforts, moisture contents and densities were studied. Deformation time and maxi
mum deformation data were recorded. Loading and unloading (application or release 
of pressure) versus maximum volume change (deformation) were plotted and the com
pression indices for each sample were computed. These compression indices provide 
an indication of the resistance of the tested materials to lateral pressure. 

In the field, similar tests were performed at a number of depths at various locations 
in the embankment soil. Field moisture contents were also determined. Based on 
available experimental data at the AASHO Road Test the following conclusions were 
drawn: 

1. Laboratory tests indicated that molding moisture content did effect the internal 
deformation characteristics of the soil; however, no similar trend was found for the 
field test results. 

2. No relationship between compression index, field moisture content and overburden 
pressure was found. 

3. For all cases studied, there was a significant difference in compression index 
under loading and unloading conditions. 

It is the writer's opinion that the deformation characteristics measured by the pres
suremeter or the internal -deformation device reflect both shear and consolidation 
phenomena in a soil mass. The interrelation of these phenomena is not clearly under
stood at the present time. A modified AASHO Road Test internal-deformation device 
is currently being studied at Lehigh University in conjunction with an investigation of 
waterfront structures. Such a device may prove useful for determining the in situ de
formation characteristics of ocean floor sediments where conventional test equipment 
cannot be applied. 

Finally, it should be noted that Menard independently developed a pressuremeter in
corporating similar principles in 1956 (19 ). 
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CHARLES M. HIGGINS, Closure-Professor Fang's interesting and informative com
ments are sincerely appreciated. The information concerning the AASHO Road Test 
internal-deformationdevice serves, additionally, as a reminder that the Menard pres
suremeter system is not the only device for in situ determination of soil properties. A 
great deal of work is being done in this field. One notable example is the research 
being conducted by R A. Lohnes and R L. Handy at Iowa State University on a device 
for in situ determination of soil shear-deformation properties. Additional studies are 
being done by various researchers on sonic determination of properties in-place, nu
clear logging of boreholes, X-ray and photography in holes, etc. 

It is becoming increasingly apparent that, at least for certain soils, the disturbance 
created by removing the samples and laboratory testing is sufficiently great to make 
prediction based on the properties thus obtained somewhat risky. 

Fang's comment concerning his opinion that the deformation characteristics mea
sured by devices of this type reflect both shear and consolidation phenomena is well 
taken. Menard has attempted to, at least partially, overcome this obstacle by assigning 
a coefficient based on the general rheological properties of the soil. However, it is 
doubtful that the coefficient can completely eliminate this problem since the exact rela -
tionship of these properties in this type of test is not completely understood. It is 
probable, however, that the consolidation effect was not too great in the studies re
ported in this paper due to the relatively impervious nature of the soils and the short 
duration of the test. 



Control of the Plasticity Index of 
Soil-Aggregate Materials Using Hand-Feel Tests 
J. W. SPENCER, Department of Agricultural Engineering, Cornell University 

Three commonly used hand-feel or expedient tests were used in 
this study-thread toughness near plastic limit, dry strength, 
and reaction to shaking. A numerical scale of Oto 3 was ap
plied to the range of results for each of the tests to permit 
analysis of correlation with plasticity index. 

On 58 bank-run gravels from New York State, the hand
feel results of an experienced technician correlated well with 
plasticity index. The sum of numerical ratings on the three 
tests may be as useful an indicator of PI as the results of 
mult.iple regression . For this technician, the linear r egres
sion of PI on the sum of thread toughness (t. t.), dry strength 
(d. s .> , and reaction to shaking (dil.) ratings was PI = - 2.4 + 
0.99 (t . t . + d. s . + dil.) . The coi~relation coefficient was 0.917 
(R2 = 0.841) and the standard error of estimate for PI was 
0.97. The relationships between results of the hand-feel tests 
and liquid limit were less striking than the relationships with 
plasticity index. 

A study of hand-feel ratings by inexperienced persons sug
gested that some coaching would be necessary for reasonable 
consistency in results. 

• GRAIN-SIZE distribution and plasticity index (PI) are widely used as indicators of the 
suitability of soil-aggregate materials for use as surface courses and as base or sub
base course. For surface courses, some minimum PI is often specified to insure sat
isfactory cohesion or resistance to raveling. A maximum PI is also usually specified 
for surface courses but this typically is a higher maximum than the upper PI accept
able for base course materials (1, 2). 

The most critical of those limits on PI usually specified is perhaps that for base ma
terials. Typically there is no lower limit but a too-plastic material may result in costly 
failure of an overlying bituminous surfacing. 

Enough information on the grain-size distribution of a soil-aggregate material can 
often be obtained quite conveniently. The engineer is often most concerned with the 
percentage of silt and clay, and this can be determined with satisfactory accuracy by 
washing away the fines, drying and reweighing. Sieving is required only to the extent 
that the engineer is interested in the distribution of grain sizes in the gravel and sand 
ranges. 

The determination of the liquid limit and plastic limit of the minus No. 40 fraction 
is a time-consuming operation and, in local road departments at least, attention to the 
PI of soil-aggregate materials is often omitted. Engineers have not been well equipped 
in estimating the PI of soil-aggregate materials. Hand-feel or expedient tests permit 
qualitative statements about plasticity characteristics of a soil but the author is not 
aware of the use of these tests to predict the PI. 

Paper sponsored by Committee on Soi I and Rock Properties. 

63 



64 

This paper describes an effort to quantify the results of three hand-feel tests, and 
relate these results to the PI. 

HAND-FEEL TESTS 

The three hand-feel tests used were thread toughness near plastic limit, dry strength 
and reaction to shaking. These tests formed a part of the Airfield Classification Sys
tem originally developed by Casagrande for instruction of an Army course on "Control 
of Soils in Military Construction" offered at Harvard University from 1942 to 1944. A 
description of these tests as used for field identification of fine-grained soils was in
cluded in a later paper by Casagrande (3) and is included in more detail in various Army 
publications (4, 5). -

The definitions of the O to 3 scale used in this study for each of the three tests, to
gether with a brief description of procedure, are given in Table 1. The rationale for 
using a Oto 3 range was an expectation that a sum of the three numbers might be re
lated to plasticity index and an observation that the PI of bank-run gravels in New York 
very seldom exceeds 9. 

RELATION BETWEEN HAND-FEEL RESULTS AND 
PLASTICITY INDEX 

The regression analyses reported here include materials which the plastic limit 
test defined as nonplastic. For regression purposes, nonplastic materials were con
sidered to have a PI of zero. Admittedly there is redundancy in considering the re
sults of three hand-feel tests on nonplastic materials. The "thread toughness near 
plastic limit" test, by itself, can define a material as NP if the minus No. 40 fraction 
cannot be rolled to a 1/a-in. thread, but considering that tests may be performed by 
persons with varying experience, it appears to be worthwhile to have some built-in 
adjustment for possible mistakes in the thread-toughness test. 

The 58 gravels included in the analyses had PI's as high as 9.8 and liquid limits 
ranging from 13.4 to 26.1. The hand-feel tests included in regression analyses, as 
well as tests for liquid and plastic limits, were performed by one technician. 

In multiple regression, with results of all three hand-feel tests included, the mul
tiple correlation coefficient was 0.918. The regression equation was: 

PI= -2.4 + 1.3 (thread toughness) + 0.9 (dry strength) + 0.7 (reaction to shaking) 

An R2 of 0.843 suggests that the above equation accounts for about 84 percent of the 
variation in PI of these samples. The standard error of estimate for PI (estimated 
residual standard error) for this equation is 0.98. In stepwise regression, the cor
relation coefficients were 0.891 in considering Pl vs thread toughness alone, 0.913 
with thread toughness and dry strength included, and 0.918 with all three hand-feel 
tests included. 

Results of the regression of PI on individual independent variables or sums of vari
ables are given in Table 2. It appears that a linear regression on the sum of the re
sults of the three tests may be as useful as the multiple regression equation given in 
the previous paragraph. It could be argued that there is not sufficient increase in the 
correlation coefficient to justify using the results of all three rather than two or even 
one of the hand-feel tests. An argument against predicting with fewer tests is the lesser 
opportunity for ironing out mistakes or borderline evaluations on a particular test. 

Figure 1 is a plot of PI vs t. t. + d. s. + dil. on the 58 soil-aggregate materials. The 
dashed lines on either side of the regression line indicate the plus or minus standard 
error of estimate for PI (standard deviation from regression). A plot such as Figure 1 
may be less useful in predicting the PI of a particular sample from hand-feel test re
sults than for establishing a control on upper limits for PI that may have been estab
lished. If PI' s were normally distributed at points along the X axis, the dashed lines 
could be expected to envelop about 68 percent of the results, with 16 percent being 
above the upper dashed line and 16 percent being below the lower. (Of course responses 
from the real world are never exactly normally distributed; since there is no evidence 
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TABLE 2 

RESULTS OF LINEAR REGRESSION ANALYSIS-PLASTICITY INDEX 

Dependent Independent Correlation R' 
Variable Variable Coefficient 

PI dry strength (d.s.) 0.839 0.703 

Pl reaction to shaking 
(dil.) 0.845 0.714 

PI thread toughness 
(t. t.) 0.891 0.795 

Pl dll. + t. t. 0.897 0.804 

Pl dil. + d. s. 0,898 0.807 

PI d.s. + t. t. 0.909 0.827 

Pl t. t. + d. s. + di!. 0.917 0.841 
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Error of Constant Beta Estimate Term 
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-2.2 2.86 1.30 

-2.0 2.57 1.10 

-2.4 1.44 1.08 

-2.2 1.50 1.07 
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Figure 1. Plasticity index vs thread toughness +dry strength+ reaction to shaking. 
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of gross deviation from normality, its assumption here can be regarded as a reason
able first approximation to whatever the real distribution.) 

If the technician were to use Figure 1 in a situation where the upper limit on PI had 
been established as 6 for example, his use of the upper dashed line to establish a cut
off of 7½ for thread toughness plus dry strength plus reaction to shaking would permit 
him to be about 84 percent sure that his cutoff would not accept materials with a PI 
greater than 6. The dotted lines plotted above the upper dashed line indicate cutoffs 
on hand-feel results for probabilities of 0.90 and 0.95 that the cutoff would not accept 
materials with a PI greater than a specified upper limit. 

HAND-FEEL RESULTS OF INEXPERIENCED PERSONS 

The data in Figure 2 offer some cautions concerning the performance of the hand
feel tests by inexperienced persons. For materials with PI's of 7.9, 5.0, 2.5 and 1.6, 
the plots show by composite line the hand-feel results of the experienced technician 
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Figure 2. Comparison of hand-feel test results of experi enced technician with results of inexperienced 
persons. 
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(top line) and six persons inexperienced in soils testing who were performing these tests 
for the first time. The preparation of the inexperienced persons was limited to (a) pro
viding the definitions shown in Figure 1, and (b) showing them materials which the tech
nician would place at the upper and lower limits of the O to 3 range for each of the hand
feel tests. No coaching was provided during the hand-feel testing. 

The data in parentheses in Figure 2 are the average deviations, for each of the hand
feel tests, of the results of the inexperienced persons from results of the experienced 
technician. The data at each of the arrows are the average deviations for the sum of 
thread toughness and dry strength and also for the sum of the numerical ratings for all 
three tests. 

Cautions to be considered if these hand-feel tests are to be performed and the results 
quantified by inexperienced persons include the following: 

1. Reasonable consistency among inexperienced persons would require more coach
ing or definition of procedure than that provided for the six persons whose results are 
shown in Figure 2. There was good consistency in results for thread toughness and dry 
strength for the materials having PI's of 2.5 and especially 7 .9, but elsewhere across 
the range consistency was spotty. 

2. Consistency in rating thread toughness is generally better than for the other two 
tests but special attention is needed in evaluating thread toughness of materials with 
very low but some plasticity . Inexperienced persons are too prone to conclude "can
not be rolled to 1/e-in. thread" where, with more patience and a gentler hand, a 1/o-in. 
thread can be formed. 

CONCLUSIONS 

1. For an experienced technician, there was good correlation between the results 
of hand-feel tests and plasticity index of soil-aggregate mixtures. 

2. If inexperienced persons are to be using these tests and a numerical scale for 
quantifying the results, more coaching than provided in this study would be necessary 
for reasonable consistency in results. 

3. The regression equations developed in this study for one technician may or may 
not be applicable to other experienced technicians. Because interpretations of descrip
tions along the numerical scales may vary, it would probably be desirable for a tech
nician to work from a regression analysis of his own test results. 

4. Although a regression line may be used for predicting the PI of a particular ma
terial with a certain level of confidence from the results of hand-feel tests, the most 
fruitful use of an established regression and standard error of estimate may be to es
tablish a cutoff based on results of hand-feel tests which is related to some probability 
that an upper limit on PI will not be exceeded. 

Reviewers of this paper have commented that it would have been more useful if the 
study had included (a) the hand-feel results of more than one experienced technician, 
and (b) consideration of the amount of instruction required for consistent results by 
inexperienced persons. These comments are surely valid. The paper is offered in 
full recognition of these limitations in the event that this preliminary work can serve 
as a basis for extension by some agency which employs more than one technician, is 
engaged in the training of new technicians, and which routinely determines PI's of soil
aggregate materials in day-to-day operations. 
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Appendix 
RELATION BETWEEN HAND-FEEL RESULTS AND 

LIQUID LIMIT 

The relationships between results of the hand-feel tests and liquid limit (LL) were 
less striking than the relationships with plasticity index. 

With results of all three hand-feel tests included, the multiple correlation coeffi
cient for liquid limit was 0. 720. The regression equation was: 

LL = 13.9 + 1.5 (thread toughness) + 1.0 (reaction to shaking) + 0.2 (dry strength) 

An R2 of 0.518 indicates that the above equation accounts for just slightly over one-half 
of the variation in liquid limit of these samples. The standard error of estimate for 
liquid limit was 2.0. In stepwise regres s ion, the correlation coefficients were 0. 708 
for LL vs thread toughness alone, and 0.719 with thread toughness and reaction to shak
ing included. 

These data from multiple regression, together with the regressions of liquid limit 
on individual independent variables or sums of variables (Table 3) suggest that dry 
strength is relatively less us eful a s a predictor of liquid l imit than as a predictor of 
plas ticity i ndex. In the linear regressions on sums of independent var iables, the corre
lation coefficients were higher wher e U1e dry str ength results were omitted. 

TABLE 3 

RESULTS OF LINEAR REGRESSION ANALYSIS-LIQUID LIMIT 

Estimates of Standard Dependent Independent Correlation R' Error of Variable Variable Coefficient Constant Beta Estimate Term 

LL dry strength (d. s.) 0.606 0.368 15.5 2.10 2.30 

LL reaction to shaking 
(dil.} 0.682 0.465 14.0 2.73 2.11 

LL dil. + d. s. 0.685 0.469 14.2 1.36 2.11 

LL d. s. + t. t. 0.691 0.478 14.4 1.25 2.09 

LL thread toughness 
(t. t.l 0.708 0.502 14.2 2.42 2.04 

LL t. t. + dil. + d. s . 0.710 0.504 14.0 0.91 2.03 

LL t. t. + dil . 0.718 0.515 13.8 1.36 2.01 



A Drop Hammer Penetrometer for Determining 
The Density of Soils and Granular Materials 
JOSEPH P. ROSTRON and ARNOLD E. SCHWARTZ, Clemson University; and 
THOMAS E. GIOIOSA, Corps of Engineers, U.S. Army 

ABRIDGMENT 

•THE principal objective of this research was to investigate the possible application of 
a drop hammer penetrometer as a rapid method for determining the density of soils 
and base materials used in highway construction. With the exception of nuclear tech
niques, methods for density determination have undergone little development since the 
introduction of the sand-cone and water-balloon procedures. The accuracy and pre
cision of these methods have been well established (1), 

The research was carried out in the Department of Civil Engineering at Clemson 
University as part of a project sponsored by the National Cooperative Highway Research 
Program. The South Carolina State Highway Department and the Bureau of Public Roads 
also sponsored a project (2) which led to the development of the penetrometer designed 
by Gioiosa (3). -

Penetration resistance as a means of determining soil properties has been in use 
for many years. A widely used dynamic method for determining the engineering prop
erties of soil for foundation studies is the split spoon sampler, while the California 
Bearing Ratio (CBR) and the North Dakota cone methods are two commonly used pene
tration test methods which are applied to highway construction. 

Full-scale field tests dealing with soil compaction for highway construction were re
ported by Hampton, Selig and Truesdale (4, 5). This study revealed that the compac
tion growth curves for density correspondedto penetration resistance growth curves 
at a given moisture level as the number of roller coverages increased. The mean pen
etration resistance, however, decreased as the moisture level increased, 

It has also been noted by Steffens and Ring (6) that the penetration resistance of a 
compacted soil is a function of the moisture content of the molded sample and this re
lationship is the basis for the "one-point" Proctor method for determining the standard 
density of a soil. However, for a given moisture content, the penetration resistance 
of a particular soil is related to the compacted density, 

DESCRIPTION OF THE DROP HAMMER PENETROMETER 

To explore the relationship between density and penetration resistance, the drop 
hammer penetrometer was designed to use a measured number of blows for a certain 
depth of penetration, as in the split spoon sampler, along with the use of a surcharge, 
as in the CBR test. 

A 8/ie-in. diameter steel rod with a %-in. diameter hardened, bullet-shaped tip 
serves as the penetration needle and hammer weight guide, The needle is capable of 
breaking and penetrating crushed rock base material when driven with a 10-lb hammer 
dropped 18 in. The penetration is measured by means of a pointer-scale combination 
and up to four surcharge weights, each weighing 35.2 lb, were used with the penetrom
eter to confine the granular material near the surface. A foam rubber disk 7 in. in 
diameter was placed under the penetrometer base to distribute and transmit the sur
charge weight to the surface, A carriage assembly was added for mobility (Fig. 1). 

Paper sponsored by Committee on Compaction. 
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SAMPLE PREPARATION AND 
TEST PROCEDURE 

Table 1 summarizes the compaction 
properties and AASHO classification of 
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the soils used in the• laboratory evaluation 
of the drop hammer penetrometer. All 
of these soils except the micaceous silty 
sand could be used in highway base or sub
base construction. Type I crushed granite 
gneiss macadam base material meeting 
SCHD specifications (7) was also used to 
evaluate the penetrometer. 

Each of the materials used in the lab
oratory tests was compacted at various 
densities in a 1-cu ft aluminum mold, ap
proximately 8 in, deep. Moisture levels 
ranging from about O to 20 percent were 
used. Penetration teats on the soil sam
ples utilized a 5-lb hammer dropped 12 
in, and 321-psf surcharge pressure; where
as, tests on the crushed stone utilized a 
10-lb hammer dropped 18 in. and 584-psf 
surcharge pressure. 

Figure 1. Penetrometer in test position. To perform a penetration test, the ham-
mer was dropped until the needle had pen
etrated approximately 2 in. Additional 

standard blows were then delivered until the needle had penetrated to a total depth of 
about 6 in. The penetration resistance, N, in blows per inch, was then calculated for 
the final 4 in. of penetration. Each sample was penetrated twice and the moisture con
tent and average of the two test results for each sample determined. 

CALIBRATION PROCEDURE 

Although the peneb:ation resistance of the soil sample was greatly influenced by 
molding water content, it was found that, for a given moisture content, a straight-line 
relationship existed between dry density and the log of the penetration resistance. This 
relationship is also applicable to the crushed granite gneiss and can be expressed in 
the following form: 

y =A+ Blog N 

TABLE 1 

SUMMARY OF son.s USED TO EVALUATE 
THE DROP HAMMER PENETROMETER 

AASHO T-99 Compaction Test Results 

Soil Type Max. Dry Density 
(pcf) 

Opt. Moisture 
(f ) 

Red sand clay 116.0 12.4 

Clayey topsoil 116.3 15.8 

Sandy topsoil 122.0 13.0 

Sand clay mixtu re 120.5 12.0 
{851 sand, 15i clay) 

Micaceous silty sand 111.5 13.8 

(1) 

AASHO 
Class. 

A-2-4 

A-2-6 

A-2-4 

A-2-6 

A-2-4 
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where 

y = dry density, pcf; 
N = penetration resistance, blows/inch; 
A = intercept (dry density at 1 blow/inch penetration resistance); 
B = slope (change in dry density for 10: 1 change in N). 
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Figure 2 is a semi-log plot of the dry density versus penetration resistance for 
crushed granite gneiss. Figure 3 illustrates the same plot for red sand clay and is 
typical of this relationship for the soil materials. The straight regression lines which 
best fit the data points at various moisture levels are also plotted. 

Within the range of density tested, the slope of the regression lines for the crushed 
granite gneiss was equal to 27 .3 for all three levels of moisture. However the inter
cept of the regression equation decreases 0.9 pcf for each 1 percent increase in mold
ing water content and thus, the calibration equation for crushed granite gneiss can be 
expressed as follows: 

'Y = 116.7 - 0.90 w + 27.3 log N (2) 

where w = molding water content, percent. 
Eq. 2 was used to calculate the dry density of the 34 crushed granite gneiss samples 

and these results were subjected to statistical analysis. 
For all soils tested, the slope of the regression line increased with moisture con

tent. The intercept also varies with moisture content but the minimum value occurs 
at about 7 5 percent of optimum moisture and increases at lower and higher values of 
moisture. The slope and intercept of the regression lines versus molding water con
tent, w, were plotted for each of the five test soils and smooth curves were connected 
between these points. In most instances, parabolic curves were fitted to these points; 
Figure 4 is a typical plot. Using the values of slope and intercept interpolated from 
the appropriate curve at the particular moisture content of a given sample, along with 
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Figure 4. Intercept and slope vs molding water content for red sand clay. 
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Figure 5. Calibration chart-dry density vs penetration resistance for red sand clay. 

the penetration resistance of the sample, the dry density of all 64 soil samples tested 
was calculated from Eq. 1. 

Good correlation was obtained between observed dry density of the calibration sam -
ples and predicted dry density calculated from the penetration resistance and molding 
moisture content using the calibration procedure outlined above. Table 2 gives the co
efficient of correlation as well as the standard error obtained for all of the soil and 
granite gneiss samples utilized in the laboratory calibration of the penetrometer. 

PRACTICAL APPLICATIONS OF THE DROP HAMMER PENETROMETER 

For field application of the drop hammer penetrometer, each soil or material used 
in the construction must be calibrated for its moisture sensitivity and penetration re
sistance characteristics; this can be performed in conjunction with the Proctor type 

test as part of the construction con
trol procedure. A minimum of six 

TABLE 2 

COEFFICIENT OF CORRELATION AND STANDARD ERROR 
BETWEEN OBSERVED AND CALCULATED DRY DENSITY 

Type of Material 

Crushed granite gneiss 

Red sand clay 

Clayey topsoil 

Sandy topsoil 

Sand clay mixture 

Micaceous silty sand 

Coefficient of 
Correlation 

0.945 

0.995 

0.980 

0.957 

0.977 

0.958 

Standard 
Error (pcf) 

2.2 

1.1 

1.9 

3.2 

1.3 

2.9 

tests is required-one at low or 
moderate density and one at high 
density and repeating these for a 
total of three moisture levels. Mois
ture levels of approximately 50, 80, 
and 110 percent of optimum are rec
ommended. 

So that field density can be de -
termined with the greatest speed 
and a minimum of calculations, the 
preparation of a master calibration 
chart (F'ig. 5) is recommended. This 
chart was developed from Figure 4 



for red sand clay using values of slope and intercept at one percent moisture incre
ments within the useful range. 
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The net advantage in the use of the penetrometer lies in the fact that the penetration 
test can be performed in a few minutes and requires no surface preparation. Allowing 
about 10 minutes for the moisture content determination (using the speedy moisture 
tester), the total time required for the density determination is about 15 min for one 
man working alone. The total time required for the water-balloon or sand-cone test 
including the moisture content measurement is about 30 min to 1 hr depending on the 
equipment used and the conditions encountered. It is then a question as to whether the 
time saved in using the penetration test procedure is enough to offset the added work 
required to develop the calibration chart for the particular material being tested. If 
the material is uniform and requires only one calibration chart for a large amount of 
road construction such as would be the case with the base and subbase materials tested 
in this investigation, the benefits of the penetration test method are obvious. On the 
other hand, natural subgrade soils which vary from station to station might require too 
much calibration time to result in any net benefits. Even so, once the soil is calibrated, 
the number of penetrometer tests that could be performed in that soil would not be as 
limited and better test coverage of the roadway section could be accomplished. The 
sensitivity of natural soils to changes in moisture content, particularly when wet of 
optimum, is greater than for granular materials. Therefore, in these cases, the 
moisture content of wet natural soils needs to be known with greater precision when 
determining the density from the penetration resistance. 

SUMMARY AND CONCLUSIONS 

Results have indicated that the drop hammer penetrometer can be used to estimate 
rapidly the dry density of sandy soils and crushed granite gneiss. To make this deter
mination for materials which have been calibrated, the moisture content as well as the 
penetration resistance is required. It is anticipated that the use of the penetrometer 
in the field would be restricted to those soils for which good correlation had been es
tablished and, in addition, it is recommended that because of possible thixotropic be
havior, the time lag between compaction and penetrometer readings be kept to a mini
mum. 

The overall standard error of the procedure for all materials tested was found to be 
2.2 pcf. The total time required to determine the unit weight of a calibrated soil or 
base material by the use of the drop hammer penetrometer (and the speedy moisture 
tester to make the necessary moisture determination) was approximately 15 min. 
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Effects of Remolding on the Properties of a 
Lateritic Soil 
FRANK C. TOWNSEND, PlllLLIP G. MANKE, and JAMES V. PARCHER, 

Oklahoma State University 

This laboratory study of a Panamanian lateritic soil shows that 
remolding or working by mechanical agents alters the soil' s 
physical properties and strength parameters. Results of grain 
size analysis and Atterberg limits tests indicated that working 
causes a breakdown of its granular structure and an increase 
in its plasticity. The efficacy of various stabilizing additives 
using both worked and unworked soil samples was investigated. 
Results indicated that stabilization is influenced to a consid
erable extent by the amount of mechanical working. Portland 
cement was the most effective of the three additives tested and 
yielded higher unconfined compressive strengths with the un
worked soil. Lime was also an effective stabilizer, but re
acted more favorably with the soil in the worked condition. 
The primary benefit derived from asphaltic stabilization was 
waterproofing rather than substantial strength gains. 

An evaluation of the test results led to the postulation that 
a substantial portion of the clay particles has been coated with 
iron and aluminum oxide (sesquioxide) films, and that working 
by mechanical agents causes a breakdown of this coating al
lowing the clay particles to behave in a more characteristic 
fashion. New or revised laboratory testing techniques are 
needed for this type of soil. 

• LATERITES are residual soils found primarily in tropical areas of Africa, Central 
and South America, and Southeast Asia. The soil is formed by the intensive weather
ing of almost any rock: basalt, granite, gneiss, breccia and conglomerates (1). The 
weathering process, laterization, involves the complete leaching out or removal of the 
silica, alkali, and alkaline earths, and the concentration of iron and aluminum oxides 
in the hydrated form. · 

The engineering characteristics of laterite vary with geographic location in accor
dance with the soil form that develops. Generally, in situ laterite and lateritic soils 
possess a granular structure due to the abundance of i ron and aluminum oxides (ses
quioxides) that coat the pore walls, fill the voids, and bind the soil particles into ag
glomerated nodules of various sizes. Winterkor n (2) stated that the presence of iron 
in laterite soils was one of the most important factors influencing their engineering 
properties. The granular structure is responsible for the desirable engineering prop
erties displayed by unworked laterite and lateritic soils. However, the high bearing 
strength, low plasticity, and high permeability associated with unworked laterites are 
lost upon working the soil, i.e. , mixing, compacting, or employing any type of exten
sive mechanical manipulation in the presence of water. When worked, the granular 
structure is apparently broken down, and the material becomes highly plastic with low 
bearing capacity and poor drainage. 

Paper sponsored by Committee on Soi I and Rock Properties and presented at the 48th Annua I Meeting. 
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As Winterkorn (2) stated, "the task is to search for and adopt suitable mixing and 
compaction methods that would not destroy the granular structure and yet yield suffi
cient density." The use of stabilizing admixtures, e.g., lime, portland cement, as
phalt, or chemicals, would appear to be a possible solution. However, it is possible 
that admixtures could produce different stabilization characteristics depending on the 
intensity and duration of the mixing process. Knowledge in this area should assist in 
explaining the peculiar behavior of lateritic soils and quite possibly would be of as
sistance to construction and soils engineers working in tropical areas. 

In the case of laterite soils, it appears that excessive manipulation transforms a 
desirable construction material into an undesirable one. This investigation was di
rected primarily toward the determination of quantitative diffe1·ences in the plastic 
properties, grain size distribution, and compaction characteristics of worked and un
worked laterite soil. The influence of these changes on the unconfined compressive 
strengths has also been investigated, both in relation to the natural soil and to soil in 
which stabilizing additives have been mixed. The investigation was limited to soil from 
a single source, and to the stabilizing additives, lime, portland cement, and MC-3 as
phaltic cutback. 

ENGINEERING CHARACTERISTICS OF LATERITIC SOILS 

Structure and Physicochemical Properties 

The success of any stabilizing additive depends to a large extent on the physico
chemical properties of the soil. The intense weathering proces~es which produce lat
eritic soils are quite complex and have been emphasized in the studies of several soil 
scientists (3, 4, 5, 6). The presence of the sesquioxides and their relationship to the 
clay minerais -are probably the most influential factors affecting the engineering be
havior of lateritic soils. In the natural condition, the soil appears granular and pos
sesses characteristics comparable to coarse-grained rather than clayey soils. These 
characteristics are due to the aggregation of the clay particles into clusters by the 
sesq uioxides. 

Based on petrographic studies, several authors (~ Q, '.!_) report that lateritic soils 
appear as tiny spherical aggregates or clusters of clayey materials. The formation 
of these clusters is partially due to the opposing electromagnetic charges possessed 
by the clay and iron. In tropical areas, the clays appear to develop an extra amount 
of negative charge due to the neutral or slightly alkaline rainwaters. This is caused 
by the dissociation of the Si-OH groups into SiO-H+ (8). Because of its electropositive 
charge, the iron vigorously attaches itself to the clay (4). Continued movement and 
dehydration increase the crystallinity and continuity of the iron (goethite) films, which 
cause clustering of the clay particles. 

Atterberg Limits 

The Atterberg limits have been used extensively and quite successfully to classify 
cohesive soils in temperate areas and, in a general way, to predict their behavior on 
the basis of these index properties. However, correlation of this kind in connection 
with lateritic soils has often led to erroneous conclusions. It has been shown that the 
Atterberg limits of lateritic soils depend to a large extent on the amount of remolding 
or working of the sample during the test and treatment of the sample prior to testing (9). 
A liquid limit deviation of ±15 percent, depending upon treatment o! the sample prior -
to testing, was reported for a lateritic clay near Nairobi, Kenya (7). 

Winterkorn and Chandarshekharan (2) observed a change in liquid limit from 46 to 
53 percent, depending upon the amounCof remolding of the soil, with no observed change 
in plastic limit. Terzaghi (7), explaining the anomalous behavior of lateritic soils as 
contrasted with normal soilshaving similar Atterberg limits, attributed the differences 
to the presence of microaggregate clusters of clay and goethite (hydrated iron oxide). 
He stated the soil had the plasticity index and engineering properties of a relatively 
coarse-grained soil. Yet, the liquid limit was equal to that of a normal soil of high 
plasticity, because the quantity of water which evaporated during the process of drying 
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a sample was equal to the sum of the quantity of water located between the clusters and 
that contained in the voids of the porous microaggregates. 

Grain Size 

The friable nature of some laterites allows a ready breakdown of the granular com -
ponents into finer particles. Therefore, the treatment prior to or during testing can 
greatly alter the results. Because the particle size depends upon the amount of disag
gregation prior to testing, it is difficult to obtain reliable grain size data for these re
sidual soils (10). 

Compaction 

Experience has shown that the optimum moisture content is commonly close to or 
slightly below the plastic limit. Since, during the wet season, the natural moisture 
content of la te ritic soils may be slightly above the plastic limit, it is often necessary 
to dry the soil prior to compaction (7). Compaction of the soil at moisture contents 
higher than the plastic limit is accompanied by remolding and a subsequent increase in 
plasticity. This results in lower densities and may create problems in the efficient 
and economical utilization of equipment. 

INVESTIGATIVE PROCEDURES 

Materials 

Soil-The lateritic soil used in this investigation was obtained from a borrow pit lo
cated in Curundu, Panama Canal Zone. The geological profile of the borrow pit is de
scribed as follows (11): 

0-4 ft-Clay OH 3-4. Medium hard to hard, moderate strength, moderate 
to high plasticity, high dry strength, moderate water content, si It content 
increases with depth; consists of a residual saprolitic clay derived from 
agglomerate by normal weathering processes. Color: mottled bright reds 
and buff. 

4-17.5 ft-Silt OH 3-4. Medium hard to hard, moderate strength, low plas
ticity, moderate to low dry strength, moderate water content, very cloyey 
at top becoming sandy at base; consists of residual saprolitic clayey, sandy 
silt derived from agglomerate by normal weathering processes. Color: 
mottled bright red and buff at top grading to mottled greys and browns at 
base. 

17 .8- 18.5 ft-Top of sound rock Agglomerate RH 3. Hard, strong, massive 
jointing and bedding; consists of a ndesi t ic a nd basaltic pebbles ranging 
from ¼ in.to 3.0 ft in d iameter in o fine-grained sandy matrix of similar 
composition. Color: mottled reds, browns, blue-grey in a blue-grey ma
tri x; oxidizes rapidly to dark grey and brown on exposure to air. 

A narrow grey mottled zone mentioned by several authors (3, 12), as characteristic 
of lateritic soils, was observed approximately 2 to 4 ft below the natural ground sur
face. During laboratory testing, numerous small angular pebbles of chalcedony, quartz, 
and probable parent rock were encountered in the soil. The quartz and chalcedony are 
secondary products of laterization which were formed by chemical precipitation of the 
leached silica. 

The results of a chemical analysis on the soil showed the SiO:i:R203 ratio was 1.22. 
Using the classification criterion of Martin and Doyne (13), the soil would be classed 
as a "laterite"; however, because there is no hard indurated crust in the natural for
mation, the term "lateritic soil" is preferred. 

Stabilizing Additives-Many different materials have been used as stabilizers with 
varying degrees of success. Quicklime (CaO) was the primary stabilizing additive used 
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in this investigation. A comparison series of specimens utilizing either 5 percent Type 
I portland cement or 6 percent MC-3 asphaltic cutback were also tested. No attempt 
was made to determine the optimum quantity of the respective stabilizers to be used 
with this particular soil. 

Sample and Specimen Prepa1·ation 

Mechanical manipulation to simulate the effects of heavy construction equipment was 
accomplished by mixing the soil, at a water content above the liquid limit, in a Hobart 
mixer for various periods of time. Worked soil used for standard index property tests 
was mechanically mixed for 2 hr and the worked material utilized for unconfined com
pression test specimens was mixed for a ½-hr period. After mixing, the worked slurry 
was air dried and ground to pass the No. 10 U.S. Standard sieve. Unworked material 
was obtained by gently hand sieving the soil through a No. 10 sieve . 

Sample Mixing-A major problem in all phases of study was to prevent or minimize 
working the unworked material used in the various tests and the compacted test speci
mens. In some cases this could not effectively be done, e.g., in determining the At
terberg limits, in performing hydrometer analyses, and in compacting test specimens. 
This points out the need for the develoJ?ment of new or modified laboratory testing pro
cedures, as mentioned by Winterkorn (2), when testing a friable soil such as laterite. 

Moisture was added to the unworked-samples of the soil prior to compaction or ad
dition of the stabilizer by placing the sample in tare pans, sprinkling it with the desired 
amount of water, then sealing the pan and contents in a plastic bag and allowing them to 
sit undisturbed for at least 24 hr to assure a uniform distribution of the added moisture. 
For the worked samples, the soil, additive, and required amount of water were mixed 
in a Hobart mechanical mixer. To achieve thorough mixing of the soil and MC-3, the 
soil was moistened to the optimum moisture content prior to the addition of the cutback. 
The moisture in the soil serves as a carrie1· for the cutback and permits uniform dis
tribution of the asphalt during the mixing operation. 

Compaction of Test Specimens-For a valid comparison of the strengths of various 
soil-stabilizer mixtures, it is necessary that all specimens be compacted to the same 
density and possess about the same particle orientation. Prior to compacting the test 
specimens, Proctor compaction tests were made on the respective mixtures using vary
ing compactive efforts (Table 1). 

The compactive efforts used were 15, 25, and 35 blows per layer on three layers 
per test specimen. These tests were conducted using the same compaction mold that 
was used to mold the unconfined compression test specimens . This method allowed 
the approximate determination of the number of blows per layer required to achieve a 
density of 82. 5 pcf and the optimum moisture content for this number of blows. 

All specimens were compacted in a Harvard miniature compaction apparatus. Ap
proximately 110 gm of soil-stabilizer mixture were compacted in three layers to a 

density of 82. 5 pcf. 
Curing Test Specimens-After compac

TABLE 1 

COMPACTION DATA OF SOIL MIXTURES 

Mixture 

tion, the soil-lime and soil-cement speci
mens were wrapped in Saran Wrap, waxed, 
and stored in a moist room for a specified 
curing period. Three curing periods (12, 

d ~~r No. Blows per Layer 28, and 60 days) were used for the soil-

Unworked-no additives 

Worked-no additives 

Unworked + 51, lime 

Worked + 51, lime 

Unworked + 51, PC 

Worked + 5\t PC 

Unworked + 61, MC-3 

Worked + 61, MC-3 

82.5 

82.5 

82.5 

82.5 

82.5 

82.5 

82.5 

82.5 

35 

35 

34 

33.5 

33 

32 

35a 

0
Based on liquid content (volatiles plus water). 

18 

30 

42 

32-33 

20-25 

25-28 

25-27 

15 

cement mixtures. The soil-lime mixtures 
were cured for 5, 12, 28, and 60 days be
fore testing. The soil-asphalt mixtures 
were dried in an oven at 150 F until a 
major portion of the volatile constituents 
in the cutback and most of the mixing water 
were removed. After drying to an esti
mated "optimum liquid content" the soil
asphalt mixture was removed from the 
oven and compacted into test specimens. 
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Testing Procedures 

Atterberg Limits-Atterberg limits were determined for the soil in the unworked and 
worked conditions. New material was used for the determination of each point on the 
flow curve of the unworked soil in order to minimize spatula manipulations. The used 
unworked soil was then worked for 2 hr, air dried, and ground to pass the No. 40 U.S. 
Standard sieve. Limit determinations on the worked soil were carried out with no mod
ification of the standard methods. Four flow curves were plotted for both the unworked 
and worked soil and a least square regression analysis was used to combine the curves 
into one average curve for each of the soils. 

Grain Size Analysis-Grain size determinations utilized slightly modified mechanical 
and hydrometer methods of analysis. Before conducting the analysis, the soil samples 
were soaked in distilled water to which a deflocculant, Calgon, had been added. The 
soaked samples were washed through a set of U. S. Standard sieves and, after drying, 
the percentages r etained on the various sieves were calculated. The material passing 
the No. 100 and retained on the No. 200 sieve was recombined with the material passing 
the No. 200 and used for the hydrometer analysis. By this procedure, an overlap point 
(a point determined by both sieve and hydrometer analysis) was obtained. The unworked 
samples were not beaten in an electric mixer as suggested by normal procedures. Floc
culation was avoided by using only 2 ml of 4 percent Calgon. 

Unconfi ned Compression Tests-After the specified curing time, the compacted spec
imens were str ipped of their wax coatings, and their unconfined compressive s trenglh 
determined. The tests were conducted at a constant deformation rate of 0.05 in./min. 
The reported results are the average of at least four tests. The peak stress was chosen 
to represent failure. Moisture contents of the broken specimens were determined to 
insure that no appreciable moisture changes had occurred during storage. 

RESULTS AND DISCUSSION 

Test results reported in the literature (1, 2, 7, 9) and those obtained in this study in
dicate that working causes a breakdown of tllelateritic soil particles and an increase in 
plasticity. During the laterization process, kaolinite, a clay, is one of the early pri
mary minerals formed by weathering. Further weathering leaches the silica and alka
line earths leaving an abundance of iron and aluminum oxides in hydrated form. These 
sesquioxides coat and impregnate the clay particles, satisfying their electromagnetic 
charges and altering some characteristics of the clay, e.g., its plasticity. It is postu
lated that when these coated clay particles are worked by mechanical agents in the pres
ence of water, the iron oxide coating is partially or totally abraded from the clay, al
lowing the clay characteristics to become more prevalent. Therefore, the integrity of 
the iron coatings, which provide the granular structure, largely determines the engi
neering properties and behavior of lateritic soils. 

However, it might also be argued that the change in plasticity of the soil by mechani
cal working results solely from the increased amounts of fine particles created by the 
breakdown of the microaggregates. The results of the tests performed in this study do 
not offer sufficient evidence to verify or refute either concept. 

Atterberg Limits 

The test results (Table 2) show that working increased the liquid limit of the soil 
from 57.8 to 69.0 percent and that the plastic limit remained about the same. Similar 

TABLE 2 

PHYSICAL PROPERTIES OF UNWORKED AND 
WORKED LATERITIC SOIL 

Property 

Atterberg limits: 
Liquid limit, 1, 
Plastic limit, 'f. 
Plasticity index, ( 

Specific gravity 

Worked 

69.0 
40.1 
28.9 

2.80 

Unworked 

57,8 
39 , 5 
18,3 

2.80 

increases in the liquid limit of lateritic soils 
have been reported by Winterkorn (2) and 
Newill (9). The increase in plasticity is prob
ably due-to both an increased number of fines 
and a partial removal of the sesquioxide coat
ings as a result of the breakdown of the gran
ular structure. 

The one-point liquid limit determination 
offered a means of evaluating the liquid limit 
for the unworked soil without excessively 



manipulating the sample. Pilch et al (14) proposed the following equation: 

where 

LL 
Wn 

N 
tan /3 

LL = Wn(N/25)tan /3 

= liquid limit of the soil; 
= moisture content at N blows; 

number of blows; and 
slope of flow curve on a log-log plot of N vs W. 
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The average value of tan /3, determined by experiments, was 0.121, and this value was 
adopted in ASTM Test D 423-59. If there is a substantial difference in the value of tan 
/3 for the worked and unworked soil, it might be expected that the one-point determina
tion would be unreliable. It was found from a least square regression analysis that tan 
/3 for the unworked soil was 0.05, while tan /3 for the worked soil was 0.16. Such dif
ferences in tan /3 would appear to prohibit the use of this method. However, the error 
induced by using tan /3 = 0.121 is 1.55 percent for unworked soil and 1.16 percent for 
worked soil at 20 or 30 blows. These errors do not exceed those associated with stan
dard liquid limit determinations. Thus, the one-point determination appears practicable 
for this type of soil. 

Grain Size Analysis 

The grain size distribution curves (Fig. 1) show that the worked soil has a larger 
percentage of fine particles than does the unworked soil. This indicates that mechani
cal working does cause a disaggregation of the soil structure into fine particles. The 
curves show that both the unworked and worked soils were fairly well graded. 

Proctor Compaction 

The data in Table 3 show that the density of the soil is very low in comparison to 
temperate zone clays having similar Atterberg limits. For example, Permian red clay 
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Figure 1. Grain size analyses of worked and unworked lateritic soil. 
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TABLE 3 

STANDARD PROCTOR COMPACTION CHARACTERISTICS 
OF STABILIZED LATERITIC SOIL 

Worked Unworked 

Stabilizer 
Opt. Opt. 

Density Moisture Density Moisture 
(porl Content (pcf) Content 

(<t) (%) 

Natural soil 83.0 34.5 84.5 35 

Lime 82.0 34 80.5 35 

Portland cement 84.6 32 85.5 32 

from Stillwater, Oklahoma, with a specif
ic gravity of 2. 7, has a plasticity index of 
22 percent and standard Proctor density 
of 106 pcf. Working caused only a slight 
decrease (1.5 pcf) in maximum density of 
the raw lateritic soil, and little change in 
the optimum moisture content. 

Effects of Stabilizers 

The results of unconfined compression 
tests of the various stabilized soil mix
tures are shown in Figure 2. Each plotted 
value is an average of the results of not 
less than four tests. 

Lime-It is well established that the 
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Figure 2. Effect of curing on unconfined com
pressive strength of laterite + 5 percent lime and 

5 percent port land cement. 

plasticity of many clay soils is reduced by the addition of lime and that substantial in
creases in strength occur under proper conditions of curing. The fundamental causes 
for these effects are not fully understood, but it appears that both base exchange (re
placement of sodium or hydrogen ions with calcium) and pozzolanic reactions are opera
tive (15). Under certain conditions, carbonation may also contribute to the stabiliza
tion processes. Base exchange reactions occur rapidly, whereas pozzolanic reactions 
and carbonation proceed much more slowly. 

The curves in Figure 2 show that the unconfined compressive strength of both worked 
and unworked soil is increased by the addition of lime. Both the worked and unworked 
soil-lime mixtures gain in strength as the curing time increases, with the worked soil 
showing more rapid and greater strength gains. The rapid initial strength gains for 
the 5-day tests are attributed in part to increased intergranular friction caused by ag
gregation of the soil particles from base exchange reactions. 

Since most of the free silica has been leached from lateritic soils, the silica avail
able for pozzolanic reaction with lime should be found predominantly in the clay parti
cles. Thus, the more rapid and greater strength gains of the worked soil reflect a 
higher effective clay content. It appears that pozzolanic action proceeds more slowly 
in unwor l<ed soil than in worked soil, as there is evidence of only a minor s trength gain 
in the fo r mer during the first two weeks of curing. Joffe (16) stated that sesquioxides 
may serve as protective coatings for soil minerals and that in the case of clays, these 
coatings reduce the plasticity of the mass. If the silica sources in the soil are limited 
to the clay particles and these particles are protected by coatings, the soil-lime reac
tion would be retarded (17). 

Strength gains from pozzolanic action in unworked soil are probably limited to the 
reaction of the lime with small amounts of unleached silica and with the "exposed" clay 
particles present in the soil. In worked soil, the soil-lime reactions are enhanced by 
two factors: (a) the sesquioxide coatings have been partially broken down by abrasive 
action; and (b) the amount of finer particles has been increased. The removal of the 
sesquioxide coatings would supply more silica and the smaller-sized silica particles 
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present greater surface areas for reaction. These factors would increase the supply 
of silica for a more rapid and efficient pozzolanic reaction. 

With the addition of lime, the standard Proctor density of the unworked soil deereased 
4.0 pcf, while only a 1.0 pcf decrease occurred in the worked soil (Table 3). Since the 
unworked soil possessed a lower effective clay content, aggregation caused by floccula
tion of the clay was apparently more significant than in worked soil. The worked soil 
with a higher effective clay content apparently possessed a more dispersed structure 
which would require more lime to achieve the same degree of aggregation as for un -
worked soil. 

Portland Cement-The test specimens stabilized with portland cement had higher 
strengths for both the worked and unworked soil than those stabilized with lime or MC-
3 (Fig. 2). The hydration of the cement is relatively unaffected by the chemical com
position of the soil particles. This is indicated by the rapid gains in strength of both 
the worked and unworked specimens during the first few days of curing. However, these 
specimens, in contrast with the lime-stabilized specimens, show higher strengths for 
the unworked soil. The lower strength of the worked soil probably results from the 
increased quantity of fine particles present. In general, fine-textured soils require 
more cement to achieve a given strength than do coarse soils. 

MC-3 Asphaltic Cutback-Successful stabilization of fine-grained plastic soils with 
asphalt has been somewhat limited because of the difficulty of properly mixing the two 
materials. If it were possible to waterproof the particles of a lateritic soil, the water 
used in compacting the soil would be much less influential in promoting disaggregation 
of the particles. During preparation of the soil-asphalt specimens, it was found that 
a soil-asphalt mixture, completely cured in an oven, could not be mixed with water. 
If such a mixture could be properly compacted, even with relatively low percentages 
of asphalt, the resulting material would be quite waterproof and considerably more 
stable. The test results and experience of this study indicate that aeration or curing 
of lateritic soil-asphalt mixtures is quite critical if good results are to be achieved 
with this type of stabilizer. 

Test results indicated that the addition of MC-3 cutback slightly reduced the strength 
of both worked and unworked soil. Thus, the primary benefit derived from using an 
asphalt cutback would be related to waterproofing of the soil rather than directly in
creasing its strength. 

Testing Procedures 

The test results indicate that there is a significant difference in the physical proper
ties and in the behavior of worked and unworked lateritic soil. Laboratory test results 
are influenced by the working or remolding required by the test procedures. For ex
ample, the spatula working during a liquid limit test and the use of impact compaction 
will break down the soil structure to some extent. Newill (9) also reported that the 
method of treatment prior to testing will affect the results. -

It appears that the standard laboratory testing procedures should be modified to pre
vent or minimize working of lateritic type soils. Some such modifications were used 
in this study, but more detailed investigations are needed to define precisely the modi
fications that should be incorporated in test procedures. One-point liquid limit deter
minations utilizing a minimal amount of spatula working and limited to a range of 20 to 
30 blows give excellent results and could be used to replace the standard test when lat
eritic soils are investigated. Compaction techniques designed to minimize disturbance 
of the soil are another possibility. A comparative study of impact versus static com
paction procedures on this particular soil is presently being conducted. 

In any event, the technique of testing lateritic soils in both the worked and unworked 
conditions would seem desirable and could furnish some insight as to field behavior of 
the soil in regard to the use of stabilizing admixtures and compaction procedures. 

SUMMARY AND CONCLUSIONS 

In this investigation, the engineering characteristics of a Panamanian lateritic soil 
were studied and the suitability of various stabilizing additives was investigated. For 
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the type of soil and testing procedures employed, the following conclusions can be 
made: 

1. Mechanical working causes a breakdown of the soil particles and increases the 
percentage of fine particles. 

2. Mechanical working of the soil apparently increases its "effective" clay content. 
The breakdown or stripping away of the sesquioxide coatings allows the indigeneous clay 
particles to behave in a more characteristic fashion. 

3. Mechanical working causes an increase in the plasticity of the soil. Because of 
this increase, the one-point liquid limit determination should be used for a more reli
able evaluation of the Atterberg limits. 

4. Stabilization of the soil by various additives is influenced to a considerable ex
tent by mechanical working. The type and quantity of stabilizer necessary in field ap
plication will depend to a large extent on the construction equipment and techniques em
ployed. From the standpoint of strength, portland cement is the most effective of the 
three stabilizing additives used, and better results can be achieved with the soil in the 
unworked condition. Lime is an effective stabilizer for this type of soil and reacts 
more favorably, i.e., develops higher strengths, with the soil in the worked condition. 
The primary benefit from asphaltic stabilization will be waterproofing of the soil rather 
than substantial strength gains. 

5. New or revised laboratory techniques should be developed for reliable evaluation 
of the properties of laterites and lateritic soils, and such soils should be tested in both 
the worked and unworked conditions. 
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Characteristics of Lateritic Soils Used In 
Thailand Road Construction 
B. A. VALLERGA, Materials Research and Development, Inc., and Woodward-Clyde 

and Associates, and 
NIBON RANANANDANA, Royal Thailand Department of Highways 

A research study is under way in Thailand with the objective of establish
ing some definitive relationships between the engineering properties of 
laterites and lateritic soils and their observed performance as compo
nents in pavement structures under various traffic ar,d climate conditions. 
Results of a literature search and field survey are presented with appro
priate comments on their applicability to Thailand road construction 
experience. 

The literature search revealed the widespread use of lateritic mate
rials in road construction and the lack of both engineering and perfor
mance data based on either subjective observations or objective measure
ments. The survey of borrow sites shows that lateritic soils are not only 
highly variable in situ, but also highly susceptible to change in engineer
ing properties when removed from the borrow pit and exposed to a new 
environment. Observations reveal that this exposure of lateritic materials 
can result in either improved durability and strength characteristics or 
complete disintegration and loss in strength, depending on handling and 
environmental factors. 

•IN THAILAND, laterites and lateritic soils are used extensively in road construction. 
Sources have been located that will provide lateritic materials that seem to perform 
satisfactorily under certain limited loading and environmental conditions. However, 
the highly variable and changeable nature of the materials and the lack of a systematic 
method of measuring and relating engineering properties to observed behavior have 
made it difficult to translate findings to other sources in the same or in other environ
ments. Consequently, in 1967 the U. S. Agency for International Development (AID), 
with the cooperation of the Royal Thailand Department of Highways, initiated a research 
study to explore this subject. Although the study is being conducted primarily in Thai
land, it is felt that the findings should have general applicability to all areas in South
east Asia and other tropical regions where laterites are found. 

ENGINEERING REVIEW OF LITERATURE 

A search of the literature on laterites and lateritic soils was made to find data and 
information• on the engineering properties of these materials for use in road construc
tion. The following is a narrative summary of the findings. 

The term "laterite" is derived from the Latin word "later" meaning "brick" or 
preferably from "lateritis" meaning "brick disease." The origin of this term is gen
erally attributed to Buchanan who in 1807, during his journey through Malabar, India, 
used it to describe a material "soft enough to be readily cut into blocks by an iron in
strument, but which upon exposure to air quickly becomes as hard as brick and is rea
sonably resistant to the action of air and water." 

Paper sponsored by Committee on Soi I and Rock Properties and presented at the 48th Annua I Meeting. 
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Since Buchanan's time, the word laterite has been used and misused to describe 
or identify a variety of tropical and equatorial soils, ranging in composition from fer
ruginous and aluminiferous materials to plain red soils. To the present time, no com
plete agreement has been reached among soil scientists, agronomists, geologists, and 
engineers as to the exact origin, composition, and properties of laterites. 

The most recent and complete accumulation of information on laterities was pre
pared in 1966 by Maignien (17) in his UNESCO report, "Review of Research on Lat
erites." Maignien condensed the information contained in more than 2000 bibliograph
ical references published to date on laterites. Previously, a comprehensive review 
of the subject was made in 1962 by Sivarajasingham, Alexander, Cady, and Cline (27), 
and was presented to the American Society of Agronomy in a report entitled "Laterite." 

In reading these reviews and many other excellent works on laterites and lateritic 
soils, it is quite evident that the investigation of laterites from an engineering point of 
view has been greatly overlooked, despite the fact that for many years laterites have 
been used as a primary engineering construction material in tropical and equatorial 
countries. Two papers published in 1957 by Bawa (38) on "Lateritic Soils and Their 
Engineering Properties," and by Nixon and Skipp (5'7f on "Airfield Construction on 
Overseas Soils-Laterite" specifically reviewed available information and data on the 
engineering properties and behavior characteristics of laterites. A study of these two 
papers substantiates the position that very little is known about the engineering prop
erties of laterites because the authors tend to pose questions and suggest further needed 
research rather than provide answers to the many questions about the true nature and 
properties of laterites. Sporadic investigations by various investigators since 1957 
have added little because they have been either incomplete or have dealt only with lo
calized problems and in restricted areas. 

Definitions of Laterite 

Although it seems to be generally accepted that the term "laterite" was originally 
used by Buchanan in 1807, some historians suggest that Babington was the first to use 
the term scientifically in 1821. In any event, Buchanan used it to describe a naturally 
occurring indurated clay having the appearance of a ferruginous deposit of vesicular 
structure, soft enough to be cut with an iron tool when fresh, but one that rapidly 
hardens on exposure to the air and becomes highly resistant to weathering. It can be 
seen that this definition is restrictive and excludes any occurrences where the mate
rial is already indurated in the soil. 

Major steps in defining laterites were taken by Mallet (50) when he suggested that 
laterite was ferruginous and aluminous, and especial1y by Bauer (37) when he estab
lished chemical characteristics and emphasized the presence of small amounts of 
combined silica and of aluminum in a hydroxide form. Others introduced the concept 
of the presence of oxides of iron, aluminum, and manganese. Subsequently, attempts 
to define laterites on the basis of physical characteristics were abandoned in favor of 
chemical or mineralogical composition. 

In 1911, Fermor (41) developed a system based on chemical composition and the 
relatively small amount of silica in proportion to alumina present. Lacroix (49) in 
1913, gave an even more detailed classification on the basis of the total content of 
hydrous oxides and defined them as true laterites, silicate laterites, and lateritic 
clays. 

Although Walther, in 1916, returned to the morphological definition to cover all 
red alluvia and tropical red earths, this was nullified by the insistence of various in
vestigators to use the silica-alumina and later the silica-sesquioxide ratio (i.e., SiO2/ 

Rp3 , where R is either Fe or Al or both) as a basis of classifying soils into laterites, 
lateritic soils and nonlaterites. Some preferred the limiting figure of 1. 33 maximum 
for the silica-alumina ratio, with iron being a nonessential element, while others use 
the same value for the silica-sesquioxide ratio. 

The merits of this system of definition were contradicted by Pendleton in 1936, who 
claimed that the silica-alumina or silica-sesquioxide ratio is only indicative and is not 
an absolute criterion. In Pendleton's opinion, the only correct definition of laterite is 
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the one given by Oldham who describes it as "an illuvial horizon, largely of iron oxides, 
with a slaglike cellular or pisolitic structure, and of such degree of hardness that it 
may be quarried out and used for building construction." 

In 1949, Kellogg (45, 46) introduced the concept that laterites should be defined 
simply as sesquioxide-rich materials that are hard or harden on exposure, and clas
sified them under four principal forms as discussed later. Kellogg's system was 
adopted with certain modifications by the U.S. Department of Agriculture. 

The majority of the concepts brought forward since Buchanan's original discovery 
can be summarized in the definition devised by Alexander and Cady in 1962: "Laterite 
is a highly weathered material, rich in secondary oxides of iron, aluminum, or both. 
It is nearly void of bases and primary silicates, but it may contain large amounts of 
quartz and kaolinite. It is either hard or capable of hardening on exposure to wetting 
and drying." Therefore, it can be concluded that the only unique characteristic of lat
erites from the engineering viewpoint is "induration" since all other criteria can be 
found in other materials. 

Characteristics of Laterites 

Examining the characteristics of a material that does not have a universally accepted 
definition is obviously difficult to accomplish. Consequently, various methods of ex
amination are employed. For example, Maignien (17) prefers to analyze separately 
the "indurated occurrences" (or "laterites in the strict sense of the word") and what 
he classifies as "laterite materials." Others choose the system of examining the vari
ous combinations as one material meeting any of the previously cited definitions. 
Therefore, generalizations of the characteristics tend to be nonuniform. 

The following is a generalized summary of the physical and chemical characteristics 
of laterites that appear to be applicable to present day concepts. 

Physical Characteristics-Laterites occur principally in a vesicular or a pisolitic 
form but may be found in various intermediate types. Their physical characteristics 
may be categorized under the following four general aspects. 

1. Induration-The hardness of laterites varies from a scarcely cohesive state to 
hard blocks. The degree of hardness can be attributed to the relative amount of ses
quioxides and iron, and to the degree of hydration. The extent of aging and the ar
rangement of the various constituents have also an important effect on the induration 
of laterites. 

2. Structure-The various structures of laterites may be reduced to the three fol
lowing patterns: the indurated elements form a continuous, cohesive skeleton; the in
durated elements are free concretions or nodules in an earthy matrix; and the indu
rated elements cement preexisting materials. 

3. Color-Coloration of laterites is usually caused by the presence of iron oxides 
and sometimes also by manganese. The iron oxides impart a characteristic red color. 
When combined with other components of various colors, the red tint is changed in 
various degrees producing shades that can be listed as pink, ochre, rose, brown, vio
let, yellow, green, and black. Coloration is sometimes an indication of the level of 
evolution of the laterite. As age progresses, ferruginous laterites change from red 
to brown to black, and aluminous laterites tend to become lighter. 

4. Specific Gravity-Specific gravities of laterites vary in the range of 2.5 to 3.6, 
and may vary with the size fraction. It increases with iron content with age of forma
tion and with cementation, and may either increase or decrease with depth of the vari
ous levels in the deposit. 

Chemical Characteristics-Laterites are characterized by the high content of ses
quioxides of iron and aluminum in relation to the other components. Bases are gen
erally absent in most cases and combined silica in the form of kaolinite is very low, 
but neither can be considered an absolute criterion. 

Alumina is sometimes the principal constituent, but more commonly the iron oxide 
or the sesquioxides of iron and aluminum are the major constituents. In aluminous 
laterites, combined water, as determined by loss on ignition, is generally higher than 
in ferruginous late rites. 
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TABLE 1 

SILICA AND SESQUIOXIDES FOUND IN CERTAIN 
THAILAND LATERITE DEPOSITSa 

Regions No. of SiO, Fe,O, Al,O3 Ratio of 
Sources (percent) (percent) (percent) SiO,/R,O3 

Sandy soils 12 47.0 30.1 12. 7 3.2 
Basaltic county 

rock 2 23. 6 39.9 21. 8 0.9 
Parent material of 

mixed origin 6 31. 3 40.0 17. 7 1. 4 
Unknown parent 

materials 11 37. 9 40.0 11.9 2. 1 

0 After Pendleton and Shorasuvona (~). 

Quartz can be a major constituent depending on the characteristic of the parent rock. 
Other minerals, such as titanium and manganese, may be present in sufficient quan
tities to justify exploitation as a mineral. Vanadium and chromium appear only in 
small or insignificant quantities. In general, however, a relationship between the com
ponents is difficult to establish owing to the fact that the composition tends to vary be
tween the different size fractions. 

The variations in the chemical characteristics of laterites are illustrated by the 
results given in Table 1. 

Formation of Laterites 

Hypotheses on the formation of laterites are as numerous as on any other subject 
related to laterites. Two facts remain certain, however: the formation of laterites 
requires concentration of sesquioxides, and hardening. 

Concentration of Sesquioxides-A high proportion of sesquioxides of iron and alumi
num, as compared to other constituents, is the main characteristic of laterites. This 
concentration is generally attributed to one or both of the following processes. 

1. Concentration of sesquioxide by removal of silica and bases-The fact that lat
erites have been found to have the same proportions of iron and aluminum oxides as the 
parent material led early researchers to believe that concentration of sesquioxides oc
curred by a relative leaching of silica and bases. In this process the constituents are 
reorganized in situ by the action of the movement of water and thus form a skeleton. 
This view was also supported by the fact that the hardness of laterites was closely re
lated to the presence of iron in the parent rock. 

2. Concentration from outside sources-Researchers have also found that enrich
ment does not occur always on the profile scale, and observations, supported by sam
ples, have shown that the necessary sesquioxide constituents were transported by lat
eral movement from neighboring soils. Lateral migrations affect mainly the iron and 
manganese rather than aluminum, and in certain instances such migrations have been 
found to be effective for distances reaching up to 3000 meters. The enrichment process 
can be effected by four different movements of water: vertical leaching of earthy ma
terials and subsequent accumulation of aluminum and iron in the underlying laterites; 
capillary rise and upward movement of solution of iron from the parent material to the 
overlying laterites; fluctuating water table carrying the various constituents, and the 
subsequent effects of oxidation; and the lateral movement of water carrying the iron. 

Hardening Process-For many years, researchers attributed the hardening process 
to the following basic steps: (a) development of constituent sesquioxides, (b) precipita
tion, (c) concentration, and (d) crystallization by desiccation. This theory, however, 
is easily disproved by the abundance of soils that are extremely rich in iron and alumina 
or both, but are not indurated. 

Some a.luminous laterites do exist and it is known that alumina does crystallize and 
harden; still it is believed that iron, and especially its arrangement in the profile in 
relation to the other constituents, is the important factor in the induration process. 
Sivarajasingham, et al (27) conclude that "conditions that permit segregation and crys-
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tallization of iron in a pattern that will provide a rigid framework are essential to 
the hardening process." Additionally, an alternate wetting and drying cycle, not dry
ing alone, is necessary for hardening. Alexander cites a case where laterite obtained 
from the same quarry was used for building various parts of a house. After fifteen 
years, the walls of the house, protected by wide overhanging eaves, were soft enough 
to be cut by a thumbnail. Other parts, exposed to alternate rain and sunshine, were 
hard enough to resist the light blows of a hammer. 

Classification of Laterites 

The first attempt to classify laterites is believed to have been made by Lacroix (49) 
in 1913 on the basis of total content of hydrous oxides. His system consisted of (a) true 
laterites, with a hydroxide content of more than 90 percent; (b) silicate laterite, with 
a hydroxide content of 50 to 90 percent; and (c) lateritic clays, with a hydroxide con
tent of 10 to 50 percent. 

In 1927, Martin and Doyne (51) relied on strict chemical characteristics and espe
cially the silica-alumina ratio and used the following criteria: (a) laterites, having a 
silica-alumina ratio of 1.33 or lower; (b) laterite soils, having a silica-alumina ratio 
of 1.33 to 2.00; and (c) nonlaterites, having a silica-alumina ratio of 2.00 or higher. 

In 1949, Kellogg (45, 46), in a broader approach, used the term laterite in connec
tion with four principal forms of sesquioxide-rich materials that are already indurated 
or could become indurated on exposure: (a) soft, mottled clays that change to hardpans 
and crusts when exposed; (b) cellular or mottled hardpans and crusts; (c) nodules in a 
matrix of unconsolidated material; and (d) consolidated masses of such nodules. 

Later studies, by other investigators, suggest that lateritic alteration of soils is 
not necessarily related with crust formation. This view has resulted in the introduc
tion of such terms as "cuirass" for indurated formations, "plinthite" for formations 
capable of induration, and the terms "oxisols'~ "kaolisols", "ferralitic soils'~ and 
others for lateritic soils. 

The inability to reach a universally accepted classification, and the worldwide dis
tribution of laterites and tropical soils have resulted in the adoption of several national 
systems. According to Maignien (17), these systems can be classified as (a) analytical 
classifications based primarily on morphological characteristics, with a bias toward 
soil-genetic considerations; and (b) synthetic classifications based on genetic factors, 
or soil-genetic processes or properties of pedogenetic factors or processes. 

From the above discussions, it becomes evident that an appropriate or acceptable 
classification for engineering purposes is nonexistent. Some have chosen a modified 
system adopted from Martin and Doyne (51) and based on the silica to sesquioxide ratio, 
whereas others prefer to use the unqualified terms of "laterite" and "lateritic soils." 

Engineering Properties 

Information and data in the literature dealing with the engineering properties of 
laterites is extremely limited. The situation is further complicated by the fact that 
various investigators have used the term "late rite" to describe several materials of 
completely different characteristics. Following is presented a selected cross section 
of the available data on the physical and mechanical properties of laterites as deter
mined by various tests. 

Preparation of Samples and Testing Portions 

The first obstacle in the process of testing laterites is encountered in the prepara
tion of the testing portions. Investigators have reported that drying of certain tropical 
soils has a definite influence on the colloidal fraction and results in an irreversible 
change to a soil with more granular characteristics. Although these findings have been 
primarily reported on Hawaiian soils, the possibility of such alterations in other trop
ical materials, such as laterites, has been implied. To detect such changes, Tateishi 
(65) has introduced the concept of the "aggregation index" expressed as the ratio of the 
sand equivalent test value of the dried sample to that of the sample in its natural state. 
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An aggregation index of 1 indi
cates a nonsensitive material, 
whereas higher indices in the 
range of 2 to 10 would require 
the modification of test procedures 
to eliminate the drying process. 

Particle Size Distribution 

Particle size distribution of 
laterites is extremely varied and 
erratic. The relatively weak 
structure of the concretionary 
material (i.e., its vulnerability 
to degradation) yields variable re-
sults. Because the distribution 
covers all size fractions, from 
clay to large gravels, it is im
possible to derive an acceptable 
generalization. 

Activity of the clay portion, 
defined as the ratio of the plas
ticity index to the percentage of I YI -A 

O [/,_._../ I 
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clay content, has not shown any 
definite trends for classifying pur
poses, although some limited but 
promising results have been de
rived in comparison with strength 
values of cement-stabilized lat-
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Figure l. Activity of laterites: figures in parentheses are 
the "activities" of the clays [after Nixon and Skipp (57)]. 

erites as discussed later. A dis
tribution of activity points for several laterites is shown in Figure 1. 

In addition to the extreme natural variations of laterites, the methods used in ob
taining test results are doubtful and subject to various procedural errors. Studies 
have shown that percentages passing the No. 200 mesh sieve by dry sieving have in
creased by more than 300 percent when the same material was tested by wet sieving. 
Also, many cases have been reported in which flocculation problems during hydrom
eter analyses could not be overcome even when the fine particles were dispersed by 
means of ammonium or sodium phosphates. 

Atterberg Limits 

The Atterberg limits, so commonly used to classify soils for engineering purposes, 
seem to be of limited assistance in classifying laterites because of the extremely wide 
variations obtained by many investigators. Although some workers seem to be confi
dent in establishing rigid rules as to the maximum values of the liquid limit, i.e., less 
than 35 (Remillon, 62) or less than 60 (Nixon and Skipp, 57), others report averages 
in excess of 50 withranges of 30 to 90. As a result, thepiasticity indices of these 
materials have been reported in the range of 0 to 90, with the majority in the vicinity 
of 20 or less. 

It is noted, however, that several investigators emphasi,ze the importance of manip
ulation of the material during the performance of the tests and its effects on the final 
results. Cases have been reported of liquid limit results increasing from 46 to 53 per
cent by increasing the amount of remolding. It is believed that these changes result 
from the degradation of the material and also the slight effect of deflocculation of the 
fines by prolonged wetting. These effects seem to influence the liquid limit much more 
than the plastic limit determination, resulting in increased plasticity indices. When 
plotted on the Casagrande plasticity chart, the Atterberg limits do not follow any cer
tain pattern in their distribution above or below the A-line as illustrated in Figure 2 
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where results from tests on lateritic soils from many sources are shown, including a 
number from Thailand . 

Specific Gravity and Unit Weight 

The specific gravity of laterites is generally higher than most nonlateritic materials 
and ranges between 2.5 and 3.6. This is generally attributed to the presence of iron 
and, to a certain degree, the presence of titaniferrous materials. It has also been de
termined that almost invariably the nodules or concretions have a higher specific gravity 
than the fines or the average of the material. Remillon (62) gives the results on three 
samples of African late rites as shown in Table 2. The same approximate variations 
have been obtained in certain Indian laterites where the specific gravity ranges between 
3.0 and 3.5. 

Unit weight of laterites follows the same pattern as the specific gravity. Moisture
density curves are subject to variations resulting from the degradation of the material 

TABLE 2 

TYPICAL VALUES OF SPECIFIC GRAVITY FOR LATERITES 

African Lateritesa 

Size Fraction Thailand Hawaiian 
Sample Sample Sample Lateritesb Late r ltesc 
No. 1 No . 2 No. 3 

Larger than 0. 5 mm 2. 76 3 . 13 3 . 13 
0 . 5 to 0. 1 mm 2.73 2. 75 2. 65 
0.1 to 0.05 mm 2.71 2.64 2. 63 
Finer than O. 05 mm 2. 65 2. 63 2. 60 

Total sample 2. 69-2.96 2.73-3 . 12 

0 After Remi I Ion (~). bAfter Moh, et ol (~). CAfter Andrew (~). 
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during compaction. For a given soil and using a given compactive effort, results of 
maximum dry unit weights range from approximately 85 lb per cu ft to as high as 145 
lb per cu ft. Optimum mositure contents cover a range of 6 to 20 percent. To partially 
overcome the effects of degradation during testing, the majority of the investigators 
agree that new material must be used with every point determination. 

Strength 

Strength of laterites has been determined by unconfined compression, California 
Bearing Ratio (CBR), and triaxial tests. Investigators report that strength character
istics are as varied as any of the other properties discussed previously. The greatest 
variation occurs generally in the CBR values that have been found to vary from 1 to 78. 
Nixon and Skipp (57) report that CBR values are low before saturation, although the 
values improve considerably after soaking. They attribute this occurrence in part to 
the difficulty in obtaining a flat surface at the top of the specimen when the material is 
dry. However, the experience of the Thailand Highway Department is that the CBR 
values generally decrease after soaking. 

Unconfined compressive strengths are also reported to be extremely low with the 
specimens disintegrating completely on immersion. The experience of the Thailand 
Highway Department laboratory is that the unconfined compressive strengths of speci
mens of lateritic soils compacted at optimum water content in the Procter mold range 
from 40 to 150 psi, which is not considered extremely low. 

Limited triaxial test data have shown that laterites possess a high cohesion and an 
appreciable angle of internal friction, approximately 35 to 40 degrees. Based on his 
experience in the use of laterites in road construction, Remillon (62) recommends a 
minimum cohesion of 7 psi for a limiting value and over 10 psi forsatisfactory results. 

Other Properties 

Other properties of laterites such as permeability, swelling, etc., have been inves
tigated. Because of their granular characteristics, laterites are considered to be 
permeable and to provide adequate drainage. It is reported that the coefficient of per
meability, however, decreases as the material degrades and becomes more clayey and 
plastic. On the other hand, it is the Thailand Highway Department's experience that 
lateritic soils are generally of low permeability because of the high percentage of clay
ey fines. However, as laterite nodules are formed in the soil by the laterization pro
cess, the permeability of the soil deposit is found to increase. 

Swelling problems are not considered significant in laterites because they generally 
contain clay minerals like kaolinite that have low swelling characteristics. However, 
some lateritic materials of inferior quality are reported to have high swelling char
acteristics attributed to a low degree of laterization and to the presence of high-swell
ing clay minerals . 

A summary of the range in engineering properties of laterites obtained from 57 dif
ferent laterite sources in the Kingdom of Thailand is presented in Table 3. From the 
given tabulation, condensed (61) from various sources of available engineering research 
on laterites, it is evident thatat the present time no combination of test properties has 
proven satisfactory for use as classification criteria for late rites. On the other hand, 
it does indicate that the term "later· " u ed to define at e of soil includes a 
variety of materials and that the basic problem is essentially one of developing logical 
and reliable limiting criteria to segregate those laterite materials that can be success
fully used in the construction of roads and airfields. 

Stabilization of Laterites 

The stabilization of laterites by the use of organic and inorganic admixtures has been 
investigated by several researchers to a very limited extent. The results, though en
couraging, are contradictory in many instances. Conflicting reports are even found 
on the use of the more common admixtures such as portland cement, lime, and bitu
minous materials. 



TABLE 3 

RANGES OF ENGINEERING PROPERTIES 
OF THAILAND LATERITES 

Properties 

Passing No. 200 sieve, 
percent 

Liquid limit, percent 
Plasticity index, percent 
AASHO classification 
Group index 
Specific gravity 
Maximum density, lb per 

cu ft 
Optimum water content, 

percent 
California Bearing Ratio, 

percent 
Swell, percent 
Los Angeles Rattler Test, 

percent loss 

Range of Values 

Minimum 

0 
18 
NP 

A-1-A 
0 
2. 59 

118.0 

7.0 

7 
0.1 

20 

Maximum 

66 
97 
51 

A-7-6 
10 
3.20 

144.5 

13. 4 

60 
55. 0 

60 
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Portland Cement-The use of portland 
cement as an admixture has not produced 
consistent improvements in the strength 
and durability of late rites. Winterkorn 
and Chandrasekharan (70) reported labo
ratory studies of two laterites and two 
lateritic soils stabilized with portland ce
ment. Only one of these materials showed 
a definite improvement with unconfined 
compressive strengths varying from 132 
to 550 psi, depending on the type of ex
posure. Results obtained on the other 
three materials were discouragingly low 
although cement contents in the range of 
8 to 18 percent were used. 

More recent reports, a majority of 
them using laterites from Thailand, show 
promising results with cement stabiliza
tion. Yimsirikul and Jones (71) obtained 
satisfactory laboratory test results on 

samples having plasticity indices ranging from 12 to 39. Even under such high indices, 
5 percent cement produced unconfined compressive strengths in excess of 250 psi at 
28 days, a criterion suggested by the British Road Research Laboratory, with some 
values reaching as high as 800 psi. On the basis of percent loss under wetting and 
drying cycles established by the U.S. Waterways Experiment Station, some of these 
materials could be stabilized with as little as 3 percent cement. CBR values increased 
from 30 to 110 percent by the addition of 3 percent cement and continued increasing at 
higher percentages. 

As a rule, the Thailand Highway Department Laboratory has found that 3 to 5 per
cent cement will generally provide an unconfined compressive strength of 250 psi at 7 
days if the laterite has a plasticity index of less than 18. 

Satisfactory results were also reported by Moh, Chin, and Ng (54) on samples ob
tained from various regions of Thailand. Plasticity indices of these samples range 
between 11 and 19, whereas textural composition is extremely variable. It is con
cluded that all of the materials tested could be stabilized by the use of 4 to 7 percent 
cement. In this study, a definite relationship was obtained between strength and "ac
tivity" values as expressed by the ratio of plasticity index to percent clay finer than 
the 0.002 size. The importance of proper compaction is strongly emphasized by the 
fact that a small decrease in percent compaction resulted in considerable reduction of 
compressive strength. 

As opposed to the above findings, Wigginton (69) reports complete failures in cement 
stabilization of some Thailand laterites having engineering properties very similar to 
the materials tested by Moh, et al. A range of 5 to 8 percent cement content produced 
abnormally large vertical cracks and subsequent failures of the specimens on immer
sion. However, Wigginton recommends soil modification by the use of only 4 percent 
cement to reduce the plasticity of the material and to improve its quality, to a certain 
extent, for use as a subbase. 

In this connection, the Thailand Highway Department has observed that the large 
vertical cracks occurring in cement-treated laterite bases are similar to those 
experienced by other road building agencies, even those with nonlateritic materials. 
Hence, although these cracks are considered undesirable, they are not considered to 
be abnormal. 

Lime 

Results obtained by the use of lime as a stabilizing agent for laterites are incon
sistent. Although some researchers completely eliminate the possibility of using lime 
with any benefits, others have obtained encouraging results. Winterkorn reports com-



94 

plete failures with extremely high percentages of lime (8 to 18 percent by weight), 
whereas Wigginton (69) implies restricted possibilities for reduction of plasticity in
dices with considerably smaller additions of lime (2 percent by weight). 

In contrast, Biszewski (39) reports satisfactory improvements on unconfined com
pressive strength and CBR values, but emphasized the fact that compaction of the lime
laterite mixture should not be delayed by more than 24 hours after mixing. In a field 
study of South African laterites, in situ CBR tests of lime-stabilized laterites proved 
to be of the same or higher value than cement-stabilized laterites, although the limited 
number of results could not be used for a broad generalization of this observation. 

In Thailand, the Highway Department has experimented with laterite stabilization 
using a combination of 2 percent lime and 3 percent cement. Early results are indi
cating that the shrinkage cracking patterns generally associated with cement-treated 
bases is not developing as rapidly. Some test sections have not revealed any serious 
cracking for a period of over 2 years. 

Bituminous Materials 

The use of several bituminous materials in the form of asphalt and tar cutbacks 
has been investigated by Winterkorn and Chandrasekharan (70). In most cases, the 
use of one or even two additional chemical admixtures has been necessary to obtain a 
certain improvement in strength and waterproofing characteristics. Based on these 
results, the use of bituminous materials for stabilization would seem to be impractical. 
This may not be the case, however, and asphalt stabilization experiments are cur
rently under way in Thailand to determine the response of Thailand laterites to asphalt 
as a stabilizing agent. 

It is evident from the preceding that essentially all research on stabilization of lat
erites has been performed at laboratory scale. Such studies, although informative, 
cannot duplicate the conditions of long-term effects of weathering and traffic loadings. 
Therefore, no definite conclusions can be derived from the behavior and performance 
of stabilized late rites until results of controlled field experimentation become available. 

PERFORMANCE STUDIES 

Several trafficability studies conducted by the U.S. Army Engineers and their vari
ous departments do not provide enough correlation between the types of laterites and 
their behavior. When laterite has been used as a surface course, the general com
ments tend to classify such pavements as both (a) corrugated, deeply rutted, extremely 
rough and dusty when dry, and (b) soft, filled with waterholes, and impassable when 
wet. Although in general agreement with this descriptive classification of laterite
surfaced roads, the experience of the Thailand Highway Department with many miles 
of such construction is that they will carry traffic and are not impassable when wet. 

A search of literature has provided only two available performance studies on high
ways where laterites have been used as roadway materials: one, a rather comprehen
sive objective evaluation by De Leuw, Cather International (30) of the Sara Buri-Khorat 
Highway based on load-deflection measurements; and the other, a limited subjective 
evaluation by L. S. Pailey (34) of the Khorat-Nong Khai Highway, both constructed in 
Thailand. -

The Sara Buri-Khorat Highway was constructed in 19 58 and has a pavement structure 
consisting of a 5-cm asphalt concrete surfacing, with a 10 to 15-cm base of stone, grav
el, crusher run or stabilized gravel, and a subbase of varying thickness consisting of 
several kinds of materials, some of which were classified as laterites. Deflection 
studies were performed at various locations and samples of the pavement materials 
were taken for laboratory testing. However, the laboratory test results were not in
cluded in the report nor are they yet available for correlation of engineering properties 
with observed performance. Although the performance of this highway over the past 10 
years has been good, some localized failures have been observed. These have been 
attributed by the Thailand Highway Department to silt pockets under the pavement 
structure. 
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The Khorat-Nong Khai Highway has a 3 cm double penetration macadam surfacing 
with a 30 cm base course of either a lateritic or nonlateritic material, with the ex
ception that it includes a section !mown as the "Demonstration Project" having a 20 
cm thick lateritic soil base. This demonstration project had been in use for 7 years 
as compared to 21/2 years for the remainder of the project. The study by Pailey was 
initiated during reconstruction of the demonstration section, now under investigation, 
because of its complete failure. The other sections of the highway show various de
grees of serviceability. However, no relationships between observed performance 
and material properties were developed because no samples were taken and no field 
or laboratory tests performed. Under the study currently under way, correlations 
will be made between the condition of the pavement and lateritic soil properties for the 
traffic and environment encountered. 

In summary, there does not exist in the available literature any evidence to justify 
conclusions with regard to the performance of lateritic materials in pavement structures. 

FIELD SURVEY 

A field study by soil engineers and engineering geologists was made in Thailand in 
1967 to evaluate sources of lateritic materials used in road construction (56). The de
tails of geologic setting, laterite formation, borrow pit profile, and physical prop
erties were noted and are described in this section. Figure 3 is a map of Thailand 
showing the routes taken in the field survey. 

Thailand is divided into five physiographic provinces as follows: 

1. The Northwest Highlands-a high relief area covered by well-drained soils and 
underlain by folded complexes of limestone, granite, shales, sandstones, and thin meta
morphic equivalents. 

2. The Chao Phraya (Bangkok) Plain-covered by a thick sequence of wet, poorly 
drained soils and underlain at great depth by shales and sandstones. 

3. TheKhoratPlateau-aflat area covered by less than 20 feet of well-drained soils 
and underlain by sandstone, shales, salt beds, and occasional extrusive igneous rocks 
such as rhyolite. 

4. The Chanthaburi District-a dissected upland area not studied. 
5. The Peninsular Province-similar to the Northwest Highlands, but with rain 

forest climate. 
The climate is an important factor in laterite formation and should be understood. 

The Highlands has a mild subtropical climate with moderate seasonal rainfall; the pla
teau has a monsoonal climate alternating between flooded wet seasons and parched dry 
seasons; and the Chanthaburi and Peninsular areas have a tropical rain forest climate 
with no prolonged dry spells. Thus, the geology of most of Thailand is characterized 
by rocks of diverse geologic character covered with soils of variable drainage char
acteristics in the humid monsoonal environment. This leads to deep soil weathering 
and rapidly fluctuating groundwater movement in most areas, prime factors in laterite 
formation. 

Laterite Formation 

The true laterite in this study was taken as the hardest end product that can be ob
tained by allowing an iron- or alumina-rich soil to indurate or oxidize in the presence 
of ample oxygen and water. This laterite consists of from 70 to 90 percent of an iron 
oxide skeleton, and the late rite will have a pitted, vesicular, honeycomb structure not 
unlike scoriaceous basalt; soil particles are minor or nonexistent. It is laterite in 
this form that is used as paving blocks in Thailand; a good example was observed at a 
restaurant in Chiang-Mai. 

In the pits visited in connection with this study, however, laterite of this form did 
not exist. Instead, the laterite was found in the form of angular to rounded nodules 
having skins of iron oxide (hematite) with variable amounts of softer iron hydroxide 
(limonite) making up the core of the nodule. These laterite nodules are the materials 
of interest for road aggregate and great efforts are made in Thailand to locate and 
mine such deposits for road work. 
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The laterites are either primary or secondary. The primary laterites occur in 
thin horizons in a residual soil profile that is in place over the parent bedrock; the 
iron or alumina oxide has been formed and then concentrated by alternate cycles of 
air-drying then oxygen-rich water percolation moving vertically and horizontally through 
the soils oxidizing the iron compounds found along the more permeable zones. The 
waters may even transport or pipe out fine soil particles from the soil horizons and 
deposit more iron oxide in the voids intensifying the honeycomb laterite structure. As 
the laterite horizon is excavated during borrow pit development, the laterite skeleton 
is broken down resulting in nodules that are angular and irregular both in shape and in 
hardness. The primary late rite profile usually has a somewhat horizontal and regular 
geometry with a single laterite horizon and increasing plasticity toward the bedrock. 

The secondary nodules are always found in transported sedimentary soils and, un
like the primary materials, usually occur in irregular bodies of sands, gravels, and 
clays with any geometry . There is usually a lack of regular patterns, but there is 
marked contact between the soils and the alien bedrock. The nodules usually form in 
random patterns around host sand or gravel fragments in a sporadic fashion. The 
nodules are highly zoned and may contain hard, thin hematite skins over soft, clay 
cores. Often no discrete hardened nodules as such are found in the more clayey soils, 
but rather these host soils have a very iron-rich color and appreciable ferruginous 
cementation with soft, plastic, incipient nodules in various stages of development. 
-Zones of higher permeability along sands or gravels are much more likely to exhibit 
laterite formation than clayey zones where laterite formation is confined to clay. 

The field study indicated repeatedly the effect of soil permeability and the alternate 
wetting and drying cycles on laterite formation. It appears that such cycles introduce 
ample oxygen as well as oxidizing organic acids into the permeable soil passages, and 
that the resulting environment optimizes the oxidation of the soil-contained iron (or 
alumina) to oxides, the main constituent of laterite. Wherepermeabilityis low, ground
water movement is restricted, and laterization does not flourish; where soils remain 
flooded, a reducing environment exists discouraging laterization; and where ground
water is absent, laterization does not occur. It even appears that an acid environment 
promotes the formation of iron oxide (hematite) and thus hard laterite, whereas a basic 
environment shifts the chemical processes to iron hydroxide (limonite) formation pro
ducing quasi-lateritic nodules of inferior quality and low durability. 

Khorat Plateau Borrow Sites 

The classical brick-like laterite was notgenerally foundin this area. All pitsvisited 
exhibited the nodular laterite, sometimes of the primary variety but most often of the 
secondary variety. One of the few good examples of primary nodular laterite was a 
pit 5 km east of Sara Buri (see Fig. 3) on Highway Route 2. In this pit, hard, angular 
nodules of hematitic laterite predominated to a depth of about 120 cm below grade, and 
occurred in a groundmass of silty clay; the hard nodules were difficult to break with 
a geology pick and had a random, imperfectly formed vesicular fabric. The nodules 
passing a No. 12 sieve had a dry Los Angeles Rattler Test (LART) loss of 25 after 500 
revolutions with a ten-ball charge; the clayey groundmass had a LL of 76, a PI of 39, 
and an acidic pH of 4.6, favorable for hard laterite formation. Below 210 cm the hard 
nodules disappeared and the pit soils became stiff, iron-stained clays of lower perme
ability containing soft clods of incipient nonplastic nodules. Below 420 cm, a tight, 
grey, slightly ferruginous, residual clay was well-developed and gradually graded to 
weathered rhyolitic bedrock. 

In a pit 21.6 km southeast of Choke Chai on Highway Route 2071, a lattice of pri
mary laterite nodules was found about 100 cm below grade interspersed with permeable 
clayey silt matrix . The nodules were somewhat vesicular and angular but broke fairly 
easily with a geology pick; their LART loss was 34. The clayey silt had a Pl of 20 and 
a pH of 5.5, was less acidic than the Sara Buri pit described previously, but was still 
adequate for appreciable laterization. 

Most of the remaining 20 to 30 pits visited in this area were the more predominant 
secondary lateritic soil sources. At a pit 37 km east of Ubon on Route 217, 3 cm of 
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fine, silty sand was underlain by a single 50-cm thick layer of hard, rounded, fine 
sand-sized, hematitic nodules in a loose matrix of clayey silt; the fine nodules re
quired a heavy hammer blow to crush them, and they had a LART loss of 24. The 
clayey silt had a LL of 42, a Pl of 17, and a pH of 5.2. Below 80 cm, a lean clay con
taining only very indistinctly soft nodules was found. 

A good example of the heterogeneity of secondary laterite pits was found 1 km north 
of Selaphum on Route 2046. Here, 50 cm of clayey, gravelly surface silts of pH 5.7 
are underlain down to 300 cm by several laterite nodule layers of various composition 
and hardness. A 20-cm thick layer from 100 cm to 120 cm is a very hard, massive 
brick-like honeycomb with coarse cell walls of well-indurated hematitic laterite, a 
true lateritic horizon. Minor limonite lining occurred in some of the honeycomb voids, 
and pH could not be determined because of the rock-like nature of the layer. From 120 
to 150 cm a river gravel exists containing soft, coarse, hematitic and limonitic nodules 
in a clayey silt with a pH of 5.8 and a Pl of 10. From 150 to 200 cm, a fine gravel with 
negligible nodules is found. From 200 to 250 cm, a massive layer of medium-hard, 
irregular, coalesced nodules with hematitic skin and limonitic core is found with a pH 
of 5.2 . From 250 to 300 cm, the coalesced nodules were hard with more hematite, 
less limonite, and a lower pH of 5.0. Below 300 cm the nodules became soft, irregu
lar, more limonitic, and the less permeable clayey groundmass increased. 

Clearly, these several variable laterite layers of widely different hardness could 
create an expensive selective mining operation if laterites of all hardness ranges were 
to be excavated from the pit. In actual operation, however, the layers are blended 
during excavation, severely downgrading the value of the constituent from the 20-cm 
level. 

Along Route 22, 47 .5 km east of Udon, a large, typical pit is operated by a road 
contractor from Formosa. Here, 30 cm of surface, nonplastic clayey silts overlie a 
variable layer of soft to medium-hard, irregularly shaped, laterite nodules embedded 
in clayey silt; the softer nodules have a thinner hematite skin and a thicker limonite 
core, whereas the harder nodules have a thicker hematite skin. The average rattler 
loss of the nodules is 26 and the pH of their silty clay groundmass is 5.8. Below 120 
cm the nodules generally increase in hardness, increase in roundness, decrease in 
rattler loss, and the average groundmass pH drops to 5.2; the groundmass Pl increases 
from 12 to 23 at the 120 cm depth . 

The harder secondary laterite nodules appear to be associated with a more acidic 
(lower pH) environment, but the additional effect of rapid induration after exposure to 
air and rainwater in pit excavations was also quite noticeable in several pits. At a 
large pit 6 km east of Yasothorn on Route 216, 100 cm of clayey silt cover were ex
cavated to gain access toa 200-cm thick layer of medium-hard, rounded, fine hematite 
nodules. When initially exposed to air, these nodules broke under a moderate hammer 
blow, had moderately developed hematite skins with softer limonite cores, and had a 
LART loss of 51. The groundmass had a pH of 5.0. Below 35 cm the pit soils con
sisted of silty clays containing only incipient nodules of soft limonite, then fine, white, 
sandy silts. After several months of exposure to air and prediodic monsoonal rains, 
the exposed nodules in the walls of the pit bank were noticeably harder and required a 
stronger hammer blow to break them; the lower incipient nodules were well on their 
way to developing hematitic skins. All exposed nodules had noticeably thicker hematite 
skins than nodules at the same level, but were still buried approximately a foot in the 
bank. Although no post-exposure LART tests were conducted, there was a definite 
likelihood that the losses would be closer to 30 than 50. Thus, even in the somewhat 
higher pH environment of 5.0, exposure to air and rainwater noticeably increased lat
erite induration even in a few months. The effects of such exposure appear to be even 
more pronounced if the permeability of the laterite soil is initially lower. Hence, ex 
posed clayey zones indurate more than gravelly zones that are already better indurated 
before excavation. 

In the more alkaline areas over lying the salt beds south of Sealphum, the pH values 
of the soils are usually on the alkaline side (above 7 .0) and interestingly, it is rare to 
find laterite (or hematite) pits being used commercially in these soils. Usually the 



end product is the more basic iron hydroxide (limonite) and the resulting level of in
duration is minimal, thus making the lateritic material of little value in road con
struction. 

Peninsular Province Borrow Sites 
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A typical southern pit, and one of the largest deposits of primary laterite in the 
peninsular area, is in the town of Trang. This pit has developed over limestone bed
rock; the soil is typical of the classic terra rosa deposits that form over limestone, 
the iron oxides resulting from impurities weathered out of the limestone. In Trang, as 
in most of this area, the ferruginous enrichment is carried to a high degree by the 
high rainfall and the good permeability of the soil. The highest degree of enrichment 
is where the laterite nodules are found, and these are typically melon-sized inclusions 
of hematite. The inclusions have a vesicular structure of hematite walls with inter
connected voids and passages. Indications are that vertically and horizontally perco
lating groundwaters concentrate their flow in the zones of highest permeability, wash
ing away the finer soil particles and depositing the honeycombed precipitates of hema
tite to gradually build the laterite blocks. Where the soils are less permeable, lat
erization is accordingly less advanced and limonite is more common; but where the 
imperfectly laterized soils are exposed to air and surface-water flows, laterization is 
accelerated. 

Northwest Highlands Borrow Sites 

Most pits in the highlands are limited only to alluvial-filled valleys and intermontane 
basins; many of the locally termed laterite pits being only iron-stained, decomposed 
granites. Curiously though, where true laterites do occasionally occur, they are rather 
completely developed. 

A good example is a small secondary laterite quarry where the laterite is carved 
into building blocks. The laterite, in situ, consists of medium-hard, pea-sized, black, 
hematite nodules mixed into a stiff, moist, clayey sand groundmass. This soil is 
permeable and is constantly wet with seepage. Blocks about 25 cm square and 10 cm 
thick are carved out of the moist nodular clay by workers using hand tools. The blocks 
are then stacked, air-dried, and aged in the sun and rain for several weeks during 
which time they harden to the true brick-like laterite. The unconfined compressive 
strength of the blocks varies from 2000 to 4000 lb per sq ft when quarried to well over 
10,000 lb per sq ft after aging; these aged materials were in use as paving stones on 
the previously mentioned restaurant in Chiang Mai, and have been used for several 
hundred years as repair materials for the ancient temples at Sukhothai. 

SUMMARY AND OBSERVATIONS 

Lateritic soils are used extensively in the construction of roads in Thailand with 
varying degrees of success. A study sponsored jointly by the Thailand Highway De
partment and the Agency for International Development is under way to relate the engi
neering properties of laterites to their observed behavior characteristics as deter
mined by subjective evaluation and objective measurements. A thorough review of 
available literature and project reports has been made together with a field survey in 
Thailand of over 70 borrow pits now being used. 

On the basis of the above review and survey, the following engineering definition of 
lateritic materials has been adopted in the study presently under way. It is consistent 
with the definition introduced by Kellogg (4 5, 46) in 1949 and in use by agronomists and 
informed engineers throughout Southeast Asia;-except for a clear-cut separation of 
hardened from nonhardened lateritic materials. 

LATERITE is a hardened material formed by the primary (i.e., sesquioxides pre
sent in pa1·ent material) weathering of nontransported soils, or by the secondary (i.e., 
sesquioxide supplied by lateral groundwater movement) enrichment and cementation of 
transported or nontransported soils. In chemical and mineral composition, laterite is 
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rich in the sesquioxides of aluminum and iron. It is nearly void of bases and primary 
silicates, but it may contain large amounts of quartz and kaolinite. In physical com
position, laterite occurs as a hardened aggregate in any combination of four principal 
forms: {a) consolidated pisolithic masses; {b) unconsolidated pisolites (concretions) 
in a soil matrix; {c) consolidated vesicular (worm hole) masses; and {d) cemented pre
existing materials, such as quartz, in pisolithic or vesicular structures. 

PLINTHITE is a nonhardened or poorly hardened material formed by incomplete 
laterization of soils similar in chemical and mineral composition to laterite. In phys
ical composition plinthite may exist as a nonhardened soil of any type. It frequently 
occurs as poorly formed nodules in clay. It differs from laterite only in that it is not 
hardened. It may harden to form laterite on exposure to wetting and drying. 

LATERJTIC SOIL is soil, or any physical composition, in which the majority, by 
weight, of the sample is composed of hardened late rite of any form. 

As a result of the review and survey to the present, a number of observations may 
be stated as follows: 

1. The primary characteristic of a lateritic material that makes it attractive as a 
road-building material is the process of induration that can produce a good, durable, 
hardened aggregate (i.e., laterite as defined above) for use as a subbase, base, or 
surface course material. 

2. There is a decided lack of information in the literature both on the engineering 
properties of laterites and lateritic soils, as defined above, and on the performance of 
such materials under various loading and environmental conditions. 

3. The available data both in the literature and as produced in this study show that 
lateritic materials are both quite variable in deposit and quite changeable in physical 
characteristics when exposed to various handling and environmental factors that re
sults in either improved durability and strength, or degradation and disintegration. 

4. Most of the lateritic materials in Thailand are really lateritic soils containing 
iron-rich gravels, sands, silts, and clays. Except for the artificially aged blocks 
from the quarries of the Highlands, no extensive true brick-like laterites were found 
in the survey of borrow pits in Thailand. Nearly all of the primary and secondary soils 
have varying degrees of hematitic concentration. 

5. Most lateritic deposits presently used in highway construction are being exca
vated to produce a blended stockpile of iron-rich clays and silts containing laterite 
nodules of widely varying hardness (i.e., lateritic soils). The more resistant yet often 
thin zones of laterite nodules are rarely, if ever, separated and used as roadbed ag
gregate. Where pits encounter parent bedrock, it is often avoided or discarded in favor 
of the less-resistant but more popular laterite horizons. 

6. The conditions that favor laterite formation in Thailand are {a) parent soils or 
rock with at least one to two percent of iron or alumina-rich minerals; {b) good per
meability and ample cyclic movement of soil water, both vertically and horizontally 
(no laterite pits were found on the impermeable, wet Bangkok plain); {c) possibility for 
deep (10-20 meter) soil leaching, (i.e., deep, permanent groundwater table); {d) high 
oxygen content in percolating water; and {e) acidic (low pH) soil and water conditions 
(the highest nodule abrasion resistance, corresponding to low rattler losses, was ob
tained in soils with the lowest pH values). 

7. The hardness of laterite nodules may be increased by excavating, spreading, and 
aging the nodules in the presence of ample oxygen; alternate wetting and drying cycles 
appear to carry the oxygen deeper into the nodules and further accelerate induration. 

8. It appears that laterites and lateritic soils can be treated as any other aggregate 
material used in road construction with the establishment of appropriate strength and 
durability criteria for these materials as subbase, base, or temporary surfacing layers. 
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