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Foreword 
Engineers concerned with design, construction, planning, and performance 
analysis will each find s0me important co11tribution in this RECORD. The 
first two papers deal with soil-roadway response to applied loads. Dehlen 
and Monismith emphasize the nonlinear character of the response found in 
most common highway materials when stressed in the labo1·atory similarly to 
the stresses from moving traffic loads. Their analysis indicates that for the 
heavier pavement sections a linear analysis is sufficiently accm·ate but that it 
is not applicable for thin surfaces over unbound aggregate, gravel, or sand 
bases, subbases, and subgrades. In lris paper, Noble develops a chemical 
kinetic viewpoint toward an understanding of the mechanics of deformation in
dicating that soil fabric difference, probably caused by compaction moisture, 
is important in assessing deformati.on rate. 

The next two papers cover subjects related to roadway drainage. Kay and 
Krizek describe an analog model to use in analyzing the soil -culvert interac -
tion of a flexible circular culve1·t. An important contribution is the independent 
consideration of stresses due to soil weight and those due to free-field settle
ment. The authors state that the model indicates the possibility of a maximum 
increase of 20 percent in the compressive stress in the culvert wall over that 
indicated by the ring compression theory. Smith, Forsyth, and Gray compare 
the performance of a two-layer highway drainage system with that of a one 
layer system. The two-layer system has the upper layer stabilized with as
phalt while the lower layer is of the same material as the single-layer system. 
The field data showed good performance by both sections but indicated that the 
two-layer system had from three to nine times the drainage capacity of the 
single-layer system. 

The general subject of classification and engineering p1·operties of soils is 
covered by the last three papers. Both laterites and organic soils present dif
ficulties in classifying for enginee1·ing properties. Vallerga and Van Til pre
sent the results of research aimed at removing some of the uncertainty con
cerning laterites and lateritic soils. The studies ranged from definitions 
tl1rough stabilization and on to pavement performance. A good gene1·al feel 
for the problems and the distinct possibilities of the proposed solutions make 
this paper valuable reading for anyone conteQiplating working with laterites or 
similar soils. Robinson also proposed a classification and design method for 
use with tropical soils. An extension to other soil types may be possible for 
gross evaluation purposes. In the last paper, Arman presents a classification 
system, based on an extensive study of Louisiana organic soils, that indicates 
the engineering properties of such soils. A tentative method of determining 
the organic matter content of soils is developed. This is an important contri
bution to the solution of the problem in what has been an unresolved and con
troversial area. The· indication that organic soils with as much as 20 percent 
organic matter may be used as foundation material may lead to a distinct con
servation of natural resources. 

This RECORD will be of value to those engineers and highway planners who 
are constantly looking for better performance through a more competent utili
zation of the characteristics of materials. These papers are valuable in their 
individual contributions to the improvement of performance in each applicable 
area. 
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Effect of Nonlinear Material Response 
on the Behavior of Pavements Under Traffic 
G. L. DEHLEN, National Institute for Road Research, Pretoria, South Africa; and 
C. L. MONISMITH, University of California, Berkeley 

A review of laboratory test data reveals that most common highway 
materials, under conditions representative of moving traffic on an in
service pavement, exhibit a nonlinear response to stress. The reported 
stress-strain response of pavements constructed with such materials 
varies from the stress-softening to the stress-stiffening type, in ac
cordance with the response of the constituent materials. A nonlinear 
elastic incremental finite element analysis of a uniform sand mass sub
jected to a uniform circular surface load, using a constitutive equation 
based on published laboratory data, revealed a pronounced stiffening 
relationship between the applied pressure and surface deflection and 
slightly nonlinear relationships between the applied pressure and the 
vertical stresses induced in the mass. An approximate nonlinear elas
tic analysis of a full-depth asphalt concrete pavement over a sandy clay 
subgrade, using stress-strain coefficient matrices measured in labora
tory triaxial tests on the materials, gave almost linear relationships 
between the applied pi·essure and the resulting deflection, and distribu
tions of stresses and strains within the structure very similar to those 
yielded by a linear elastic analysis using stress-strain coefficients at 
realistic stress levels. To an engineering approximation, a linear anal
ysis was sufficiently accurate in the case of this particular full-depth 
asphalt concrete pavement but appeared unacceptable in the case of a 
pavement with unbound granular materials close to the surface. 

•ANALYSES of stresses and strains induced in pavements by traffic form part of many 
pavement design and evaluation procedures, including some that are primarily empir
ical and those that a.re primarily mechanistic. In almost all cases these analyses are 
based on linear elastic theory, implying important assumptions regarding the stress
strain-time response of the component materials. 

The response of common highway materials under stress typically includes elastic, 
viscous, and plastic components. During the first cycle of stress , at slow loading rates, 
or at high stresses, the viscous and plastic components may be dominant. For condi
tions representative of moving traffic on a well-designed, in-service pavement (many 
shod-duration repeated stresses of limited intensity), the strains a1·e largely elastic, 
and only small permanent strains result from a single vehicle passage. This "resilient" 
response is dependent on stress intensity, in that most highway materials exhibit non
linear stress-strain relationships (1 through 14). In this paper observations of nonlin
earity in the response of pavement structures to load are 1·eviewed, and analyses of 
stresses and strains induced by traffic in pavements consh·ucted of nonlinear elastic 
materials are described, in an effort to identify the degree of error resulting from the 
common simplifying assumption of linear elastic behavior. 

Paper sponsored by Committee on Strength and Deformation Characteristics of Pavement Sections and presented 
at the 49th Annual Meeting. 
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NONLINEAR RESPONSE OF HIGHWAY MATERIALS TO STRESS 

Nonlinearities in the resilient response of common highway materials under condi
tions representative of in-service pavements are reviewed in this section. Most labor
atory work has been carried out in triaxial apparatus by applying short-duration cyclic 
stresses of intensities corresponding to those induced in a pavement. Usually only t11e 
axial stress has been varied, the confining pressure being kept consta11t. The results 
have been expressed as a resilient modulus (a secant modulus obtained by dividing the 
change in axial stress by the recoverable axial strain) that varies with sti·ess level. 

The resilient modulus of unbound sands and gravels has been observed to increase 
with the confining pressure or mean normal stress and to be essentially independent of 
the magnitude of the repeated deviator stress until sheai.· failure approaches, when it 
decreases rapidly (1, 2, 3, 4, 5, 6). Several experimental investigations have shown 
that the resilient moduTus-; MR;-may be expressed by the relationship 

(1) 

where K1 is a constant, 11 is the sum of the three principal stresses, and K2 is an ex
ponent varying from 0.35 to 0.6. It may be expressed more simply by 

(2) 

where o-3 is the confining pressure, K3 is a constant, and~ varies from 0.35 to 0.55. 
Similar relationships have been established theoretically (7). 

All studies of the nonlinear response of clays have indicated that the resilient mod
ulus in the direction of a given stress decreases as that stress is increased and is little 
affected by the transverse stresses (6, 8, 9). In tests on a silty clay, for example, 
Seed, Chan, and Lee (fil observed a 400 percent variation of resilient modulus between 
repeated stresses of 3 and 15 psi. 

The modulus of a lime-treated clay has been observed to increase with increasing 
effective confining pressure and to decrease with increasing deviator stress (10). The 
moduli of some cement-treated sands and clavs have been found to decrease with in
creasing deviator stress and, in some cases,- to increase with confining pressure (11). 
Wang (12) found that the stress dependency of a cement-stabilized silty clay could be 
expressed by the relationship 

(3) 

where K5, K6 , and K7 are constants, ad is the repeated stress difference, and 11 is the 
sum of the normal stresses. Despite this nonlinear response in triaxial tests, the 
cement-treated materials appeared to behave linearly in beam flexure. 

The resilient modulus of a sand-asphalt mixture has been observed to increase mark
edly with an increase in cell pressure or a decrease in deviator stress (13) . Asphalt
emulsion-treated aggregate has shown a pronounced increase in resilientmodulus with 
increasing confining pressure soon after compaction, but this dependency became less 
marked at long curing times when the emulsion had broken and a strong asphalt-aggregate 
bond developed. The modulus decreased with increasing deviator stress at all ages. A 
mixture of a straight-run asphalt with aggregate showed a slight increase ill modulus 
with increasing confining pressure and a more marked reduction with increasing devia
tor stress (14). 

Most of these investigations have been limited to tests in which uniaxial repeated 
stresses were applied. These are barely representative of conditions in a pavement, 
where changes in three normal and three shea1· stresses occur simultaneously. Simi
larly, most work has been concentrated on the response in the direction of the applied 
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stress, and little knowledge exists as to the response in the transverse directions (i.e., 
the Poisson effects). 

In view of the nonlinear stress-strain response, and the essentially recoverable na
ture of the strains after a large number of repetitions of short-duration stresses, a non
linear elastic model appeared potentially suitable to represent the resilient response of 
asphalt concrete, clay, and sand for conditions of moving traffic on an in-service pave
ment. A nonlinear viscoelastic model might be more appropriate, particularly in the 
case of asphaltic material, but the complexity of experimental techniques and boundary 
value problem solutions for such a model discourage any attempt to apply it to the ma
te.rials forming a pavement structure at this stage. Researchers (15) have , l1oweve1·, 
formulated experimental and analytical procedures for a nonlinear viscoelastic model 
and have applied them to a simple problem. It must be emphasized that a resilient model 
can only be hoped to simulate the resilient aspect of the material response and is inade
quate for time- dependent strains under long-term stresses or cumulative permanent 
strains after r epeated applications of short-duration stresses. 

To characterize a nonlinear elastic mate.rial completely, one would have to measure 
all six strains induced by all possible combinations of six normal and shear stresses. 
As a step in this direction triaxial tests on undisturbed samples of silty clay and asphalt 
concrete were conducted (16) in which measurements were made of axial and radial 
strains resulting from repeated axial and radial stresses (applied for 0.1 second every 
3 seconds) varied independently over a range of stress intensities and stress combina
tions that spanned those experienced by in situ materials under traffic. The results ob
tained, expressed as incremental stress-strain coefficient matrices at various refer
ence stress states, have been discussed fully elsewhere (.!.ID and will only be summarized 
here. An example of 1·esults obtained in tests on an asphill concrete is shown in Figure 
1, where the axial strains resulting from simultaneous applications of axial and radial 
stresses of various magnitudes have been plotted three-dimensionally. From this figure 

RESILIENT 
AXIAL 

MICROSTRAN 

200 

Figure 1. Three-dimensional surface depicting axial strains in asphalt 
concrete subjected to various stress states in the triaxial apparatus 

(70 F). 
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a slightly stiffening nonlinear response under increasing applied compressive stresses 
and a more markedly softening response under increasing tensile stresses are apparent. 
Results of another test, plotted two-dimensionally in Figure 2, show by comparison with 
Figure 1 that increasing the test temperature from 70 to 94 F resulted in an increased 
degree of nonlinearity of the stress-strain relationships. In all tests on silty clay 
samples the strains in the direction of, and transverse to, an applied stress increased 
more rapidly than did the stress itself (indicating nonlinearity of the stress-softening 
type) but were little affected by the magnitudes of the ti-a.nsverse 1•eference stresses. 
Expressing this differently, the resilient: modulus (the applied stress divided by the re
sulting strain in the same direction) decreased with increasing applied stress, indepen
dently of the transverse stresses, as reported previously for clays (6, 8, 9). In both 
materials the Poisson coefficients (ratio between the sb•ains transverse-to~ and those 
in the direction of, an applied sti·ess) remained approximately constant 01· increased 
slightly with increasing applied compressive stress , and were essentially independent 
of the magnitude of the Lransverse stress. Both materials were initially cross-isotropic, 
with the horizontal stiffnesses exceeding the vertical. Significant degrees of stress
induced cross-isotropy were also observed, which varied with the magnitudes of the 
reference axial and i-adial stresses. 

OBSERVATIONS OF NONLINEAR RESPONSE 
OF PAVEMENT STRUCTURES TO LOAD 

Measurements of deflections, stresses, and strains in pavement structures subjected 
to realistic repeated loads through plates have revealed nonlinear response of the struc
tures, and some examples follow. In plate tests on plastic clay subgi·ades, stress
softening load- deflection relationships (i.e., the apparent modulus of clay decreasing 
with inc1·easing plate pressure) have been reported by seve1·al investigators (5, 12, 17). 

20 

(TENSO>l) 

· IO 

800 

Sparrow aud Tory (lSrtound the 
stresses within a clay mass to 
be linearly proportional to the 
applied surface pressure, while 
the strains in the mass increased 
more rapidly than the applied 

Popooted raool stre,s,pg o.,. ...- 0 pressure, thus also indicating 
,,.,...---~o~ .,.o a stress-softening response sim-

_....,,,...- , ilar to that in laboratory tests 
; ,,.o"" .... ~.,...,,.,,. ..... :

0 
......... 0 on clay. stiffening-type load-

, , deflection relationships have been 
,,/"",,. 0 ,,. ,,."" ,,,....- .... observed in tests at the surface 

,,. _,,o .,, ,,,..,, ........ ,,. .,.. _:9- - ...o of a structure consisting of a 
,/ ,,. ,., ,,. .,,o" ,,. .... g1·avel layer over a clay subgrade 

,," ,o ,,. ,,,,...- (coMPREssiONl (Fig. 3). It appea1·ed that the 
/,, ,, ., 8,.. ,,~,..~£PEAT o AXIAL srREss~ stiffening behavior of the gravel 

// ,,.,. .,.,,,, ,,,,.; (consistent with that observed in 
/ // _,,/' ,,, laboratory tests) overrode the 

,cl ✓/ -4 ,, . .,, o'/ softening behavior of the clay, 
/ ., ., / resulting in a stiffening response 

., ., cl ., / / .,, of the pavement as a whole. 
/ / / Monismith, Terrel, and Chan 

o-' / ;f -soo (17) reported a softening load-
/ / E deflection response for a pave-

/ / / ~ ment comprising a thick asphalt 
0 

/ f_,
200 

concrete layer over clay. The 
o'/ vertical strains within the as-

Figure 2. Two-dimensional representation of axial strains in asphalt 
concrete subjected to various stress states in the triaxial apparatus 

(94 F). 

phalt concrete were small, and 
the softening behavior of the sub
grade was reflected at the sur -
face. The entire range of non
linear responses was observed 



by Shifley (19) on a single pavement. He conducted 
plate tests on successive layers of a pavement during 
construction, observing the overall load-deflection 
relationship to be of a marked softening type 011 the 
exposed subgrade clay; of a m,arked stiffening type 
following the addition ofan 11-in. crusher-run base; 
almost linear when 2.4 in. of asphalt concrete was 
laid; and markedly softening again when the pave
ment was completed with another 4.8 in. of asphalt 
concrete. Wang (12) foWJd that the load-deflection 
response of a structure with a 6 percent cement
treated silty clay over a highly plastic clay was al
most linear, but the radial strains at the underside 
of the treated layer increased more rapidly than the 
platepressure, indicating asoftening_response. The 
vertical stre_ss at the top of the subg·rade was almost 
linearly related to the plate pressure. 

Nonlinear pavement response has also been ob
served in measurementsbeneath pneumatic tires of 
trucks, and two examples will be given. Hveem (20) 
has reported extensive deflection tests on pavements 
with unbound aggregate, gravel, or sand bases or 
subbases. The majority showed a stiffening-type 
axle load-deflection relationship, and a few, partic-

., 
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Figure 3. Load-deflection relationships 
in repetitive loading plat') tests on a 

gravel base over a clay subgrade (fil. 

ulady those with portland cement concrete or cement-treated layers, showed approxi
mately linear relationships. In a test track pavement comprising 12 in. of rolled as
phalt over clay, Lister and Jones (21) observed the surface deflection and the vertical 
stress on the subgrade to be linearly related to the wheel load. In a pavement with 4 in. 
of 1·olled asphalt and an unbound aggregate base over the clay, however, the surface 
deflection and subgrade vertical stress increased more slowly than the wheel load, sug
gesting that the increasing stiffness of the aggregate base overrode any decrease in 
stiffness of the clay with increasing wheel load. Finally, an almost linear response 
was observed in a pavement with a cement-bound granular base. 

The type of nonlinearity exhibited by pavement structures thus varied from softening 
to stiffening, depending on the materials of consti·uction, and this behavior was gener
ally consistent with that expected considering the nonlinear response of the individual 
materials. The nonlinearity of the field load-deflection relationships was, however, 
generally much less pronounced than that of the constituent materials in the laboratory. 

STRESS AND STRAIN ANALYSIS FOR PAVEMENTS 
WITH NONLINEAR MA TE RIALS 

In the analysis of stresses and strains induced by traffic, the assumption is frequently 
made that the pavement can be represented by a half-space with homogeneous isotropic 
linear elastic layers and that the traffic loading can be represented by uniform normal 
pressures applied over one or more circular areas on the surface of the half-space. 
Computer solutions, using integral transform teclmiques, have bee11 published by Chev
ron (22) and Shell (23). Finite element techniques developed in recent years permit 
moregeneral analysis of linea1· elastic pavement structures (24, 25, 26). The adapta
tion of standard finite element procedures to pavements is generally straightforward, 
but as the technique is an approximate one, the element configuration and boundary con
ditions must be carefully selected to optimize the results (16) 

Attempts have been made over a long period to account for nonlinearities in the re
sponse of real materials by ad hoc modifications to linear elastic solutions. The re
sulting solutions, however, did not satisfy all of the governing equations, and were 
recognized as being only rough approximations. The Griffith and Frohlich concentration 
factors (27) have been applied with varying success to modify the Boussinesq solution to 
fit the greater concentration of stresses and displacements (due in part to nonlinear re
sponse) observed in tests on sand masses. Vesic (28) found that the subgrade stresses 
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in a pavement with a granular base were given more accu1·ately by the Boussinesq_ solu
tion than by the solution fo1· the layered structure (using moduli measured in the labora
tory under compressive stresses) and attributed this to nonlinearity, or a difference 
between the tensile and compressive moduli of untreated g'l'anular materials. He intro
duced an ad hoc modification to the Boussinesq solution to predict the deflections. Seed 
et al. (5) and Kasianchuk (29} used an iterative procedure with integral transform solu
tions for layered linear eiastic systems to take account approximately of variations in 
material moduli with depth resulting from nonlinearity, but were unable to account for 
variations with radial offset using this technique. With finite element methods some of 
these approximations can be avoided, and more strictly correct solutions are possible. 
Solution algorithms that have been applied to boundary value problems associated with 
nonlinear elastic materials involve obtailli11g a series of solutions for linear problems, 
and using iterative or incremental techniques (25, 30). 

Analysis of Pavements With Granular Layers 

The most pronounced effect of nonlinear material response on the overall behavior 
of a pavement is likely to be found in a structure in which the upper layers are formed 
of unbound granular materials. 

Duncan, Monismith, and Wilson (25) used an iterative finite element technique to 
analyze a pavement made up of a 6.6-in. asphalt concrete surf.acing, a 21-in. granular 
base and subbase, and a clayey sand subgrade, loaded through a 12-in.-diameter plate. 
The simplified constitutive equations used were based on the results of repeated flexure 
and uniaxial compression tests in the laboratory. The asphalt concrete was taken as 
linear, the modulus of the clayey sand obtained from a curve showing its variation with 
principal stress difference, and the moduli of the granular bases taken as a function of 
the minor principal stress (see Eq. 2). To avoid problems as the modulus of the gran
ular material tended to zero at low or tensile minor principal stresses, a lower limit 
of the modulus was assumed. Two analyses were carried out, one corresponding to 
winter conditions when the stiffness of the asphalt concrete was high, and one corre
sponding to summer conditions with low stiffnesses. For winter conditions, the stresses 
in the granular base were compressive throughout. For summer conditions, however, 
a tendency for tension to develop in the granular base resulted in very low moduli in 
the zone directly beneath the tire . Duncan (31) subsequently reanalyzed tlris pavement 
using an incremental technique, and this provided more stable solutions, indicating that 
the stresses in the granular base were compressive even during summer, although the 
moduli in this layer were still lower than those during wmter. The surface deflections 
for the summer condition increased more sharply near the loaded area than did those 
for the winter condition. In the summer condition the base compression contributed 
more to the total deflection than it did during the winter. The incremental analysis re
vealed the relationship be·tween the applied load and the surface deflection to be practi
cally llilear. 

To explore further the effect of nonlinear response of granular materials, a hypo
thetical uniform sand mass subjected to a no1·mal pressure uniformly distributed over 
a circular area on its surface was analyzed usil1g an axisymmetric finite element pro
cedure (16}. This probably x·epresents the extreme degree of nonlinearity likely to be 
of interest to the pavement engineer. 

A correctly formulated constitutive equation for sands is not currently available, 
and an approximation was necessary. As described previously, several research in
vestigations have shown that the resilient moduli of sands can be expressed by an equa
tion of the form of Eq. 1, independent of the deviatoric stress (in the absence of shear 
failUI'e). The expression 

(4) 

was adopted, the exponent of 0.5 being one frequently reported, and the coefficient of 
10,000 psi being unimportant for present purposes. As the finite element program be-
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came inaccurate at very low moduli, a lower limit of 1,000 psi was assigned, corre
sponding to the modulus at a value of 11 (sum of the normal stresses) of 0.01 psi. The 
laboratory studies on sands described previously were generally based on unia:xial tests, 
and, consequently, little information exists on initial and stress-induced anisotropy or 
on the Poisson coefficients and their variation with stress level. Without this informa
tion, the materials were assumed to behave isotropically and to have a constant Poisson's 
ratio of 0.3. A realistic density of 108 lb per cu ft was used, and the coefficient of earth 
pressure at rest was taken as 0.43. The finite element mesh adopted is shown in Figure 
4. The surface load was applied in six equal increments, corresponding to pressure 
increments of 5 psi. The initial moduli in each element were computed from Eq. 4 for 
the gravity stress condition. Moduli for successive increments were computed from 
the stresses yielded by the finite element analysis after the application of the previous 
increment. The increases in vertical displacements at various depths in the sand mass 
with successive load increments, as given by the finite element analysis, are shown in 
Figure 5. A distinctly nonlinear stiffening-type load-deflection relationship is apparent 
in the case of the surface deflections. The load-deflection relationships at greater 
depths, where the constant gravity stresses form a greater proportion of the total 
stresses, are more linear. The vertical stresses in the mass beneath the center of 
the loaded area, and their variation with the applied surface pressure, are shown in 
Figure 6. The stresses near the surface are of course almost equal to the applied 
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pressure. The stresses at greater depths 

(/) 

~ ·04 

are not linearly related to the surface pres
sure, but the nonlinearity is less pronounced 
than in the case of the deflections {Fig. 5). 
The variation of vertical stress with depth 

I 
I 

I 
I 

/ 
I 

2 

is shown in Figure 7, where it is compared 
with that yielded by other theoretical solu
tions. Many experimental investigations of 
sands have revealed that the vertical stresses 
indicated by linear elastic theory are less 
than those measured, and the Frohlich (27) 
modification to the linear solution (witha 
concentration factor of 4) has sometimes been 
reported to approximate observed stresses 
more accurately. As seen in Figure 7, the 
nonlinear solution gives stresses between 
those yielded by the linear and Frbnlich 
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Figure 5. Variation of deflection with applied 
pressure, nonlinear finite element analysis of uni

form sand. 

(n = 4) solutions. 
One of the important factors not taken into 

account in tl1e analysis was the anisotropic 
behavior of the sand. Several authors have 
reported an initial cross-isotropy in sands, 
with the stiffness in the vertical direction 
exceeding that in the horizontal directions. 
Analyses (32, 33} indicate that the effect of 
such anisotropy is to increase the vertical 

stresses in a mass near the axis of loading. Borowicka (34), considering the increase 
in the modulus of a sand mass with depth resulting from the increase in gravity stresses, 
also obtained an increase in the stresses on the axis of loading. It seems likely that 
these properties of sand-namely tile initial 
cross-isotropy and initial variation of 
stiffness with depth (functions of gravity 
stresses, the coefficient of earth pressure 
at rest, and residual stresses)-as well as 
any load-induced anisotropy and variations 
in stiffness from point to point in the mass, 
stem from the single effect of nonlinear 
response of the sand. Instead of using sep
arate analyses to take account of anisotropy 
and stiffness variations as in the past, it 
would seem feasible to account for all of 
these using a single nonlinear elastic finite 
element analysis with a correctly formu
lated constitutive equation, but, as men
tioned previously, such an equation is not 
available at present. 

In addition to the errors caused by ne
glect of the anisotropy of response, this 
analysis must contain errors of unknown 
magnitude resulting from local particle slip 
that tends to occur in elements where the 
rupture criterion for the sand is ap
proached. Finally, errors are present be
cause of the finite sizes of the elements 
and the limited number of increments in 
which the load was applied. The analysis 
does, however, give an indication of the 
likely effects of nonlinear material re-
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Figure 6. Variation of vertical normal stresses with 
applied pressure, nonlinear finite element analysis 

of uniform sand (radial offset 0.5 in.). 



sponse in a pavement structure comprised 
essentially of granular materials, such as 
might be used for highways carrying light 
or medium traffic. 

Analysis of Full-Depth Asphalt 
Concrete Pavements 

The full-depth asphalt concrete pavement 
is gaining popularity for heavily trafficked 
highways, and one such pavement will be 
studied in this section. 

The full-scale road experiment on Sweet
water Road in San Diego (35) is a coopera
tive project involving The Asphalt Institute, 
the Comity of San Diego, Materials Research 
and Development Inc., the State· of Cali
fornia, and the University of California. 
Test Section 2 is one of the full-depth as
phalt concrete sections, having a 3-in. as
phalt concrete surfacing and a 5.8-in. 
asphalt concrete base overlying about 27 
ft of variable brown sandy clay (Fig. 8). 
During April 1968 Materials Research and 
Development Inc., with the aid of the County 
of San Diego, carried out a series of tests 
on this section as part of a comprehensive 
program of periodic investigations. The 
tests included measurements of transverse 
and longitudinal strains (at the surface and 
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Figure 7. Theoretical variation of vertical stress be
neath center of loaded area with depth (uniform 

sand). 

at two depths within the asphalt concrete), surface deflections, and the vertical com
pression within the asphalt concrete induced in the outer wheelpath by a standard ti·uck 
moving at 5 mph. Undisturbed 4-in.-diameter samples were recovered from the top 6 
ft of the subgrade, and 4-in.-diameter cores of the asphalt concrete wer_e taken from 
an adjacent full-depth section. Detailed material characterization tests were carried 
out on these samples in the laboratory. 

Analyses were made of the stresses, strains, and displacements induced in the as
phalt concrete and subgrade by a single front wheel of the test truck. The wheel load 
was approximated by a uniform normal pressure over a circle of the same area as the 
tire contact area (pressure 51.5 psi, radius 3.4 in.). All layers were assumed to be of 
large horizontal extent, and this permitted the use of axisymmetric analytical proce
dures. For purposes of comparison, the structure was analyzed assuming the materials 
to behave both linearly (Shell and finite element solutions) and nonlinearly (finite ele
ment solution). 

In the case of the Shell analysis, the asphalt concrete was subdivided into five layers 
with different stiffnesses to represent approximately the continuous variation of stiff
ness with deptl1 corresponding to the temperature profile measured in situ with thermo
couples. The subgrade was divided .into five layers, corresponding to the depths of the 
undisturbed samples. The assumption was made that the subgrade extended semi
infinitely below the lowest sample (at a depth of 6. 5 ft), witl1 U1e same properties as 
those of this sample. Sampling to greater depth would have been desirable. Linear iso
tropic elastic coefficients were required for each layer, and values were selected that 
might be reasonably representative of tl)e spectrum of coefficients in an actually non
linear material and that could also be measured in simple laboratory tests. In the case 
of the subgrade, these were the resilient modulus and resilient Poisson's ratio (both 
secant values), measured in the triaxial apparatus unde1· an all-around sustained pres
sure corresponding to the vertical gravity pressure at the sampling depth, and a super
imposed repeated axial compressive stress of 3 psi. (The resilient moduli are shown 
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in Figure 8). The asphalt concrete moduli were those for zero sustained stress and a 
repeated axial compressive stress of 20 psi. The asphalt concrete had been tested in 
the laboratory at only two temperatures (70 and 94 F), and i t was thus necessai·y to 
estimate the stress-strain coefficients for the range of temperatures measured during 
the field tests. This was done using a linear interpolation on a plot of temperature 
against the logarithms of the stiffness coefficients. The linear finite element analysis 
was carried out using the same material properties and layer thicknesses. The finite 
element mesh employed is shown in Figure 9. 

The selection of material properties for use in the nonlinear finite element analysis 
was more difficult. Although the triaxial tests conducted had adequately defined the con
stitutive equations for the materials at points beneath the center of the axisymmetrically 
loaded area, the results were inadequate for conditions elsewhere in the structure. This 
was because the triaxial test permits only two normal stresses to be Varied independently 
and the resulting two strains to be measured, whereas, for complete characterization .for 
use with an axisymmetric boundary value problem, three normal and one shear stress 
would have to be varied independently and the resulting four strains measured. To use 
the triaxial test results in making an approximate analysis of a pavement it is therefore 
necessary to generalize them. Unfortunately, engineering judgment has to be invoked 
to do this, as it has been in all previous research studies involving material tests and 
pavement analysis. The initial and stress-induced anisotropy exhibited by both the clay 
and asphalt concrete could not be separated accurately, and it was thought best to make 
the simplifying assumption of isotropic behavior. Reasoned assumptions were also re
quired to relate the laboratory reference stress states to the field reference stress 
states, as described elsewhere (16). In the computer analysis, where the reference 
stress state in an element was dffferent from that at which the laboratory tests had been 
performed, the program interpolated the two tangent isotropic material coefficients us
ing polynomial regression. Tl1e finite element mesh used was similar to that in Figure 
9. The surface tire pressure was applied in five equal increments, and the computa
tional procedure was similar to that de-
scribed previously for the sand mass. 

Figure 10 shows the variation of ver
tical deflections beneath the center of the 
loaded area with increasing applied pres
sure, as indicated by the nonlinear fi-

·008 

,007 

·006 

uite element analysis. In Test Section 2, 
where the clay subgrade was relatively 
stiff, the deflection at the top of the sub- -
grade is almost linearly related to the ~ i_.005 
tire contact pressure. In the case of -
another full-depth asphalt concrete pave- ! 
ment, Test Section 35, where the upper ~ -004 

portion of the subgrade was a highly re- .J. 
silient silty clay, there is a softening
type relationship between the contact 
pressure and subgrade detlection, typical 
of that reported in previous experimental 
studies on pavements with clay subgrade 
(5, 12, 17, 19). In both cases the load
deflection relationship at the surface is 
almost linear, or slightly of the stiffen
ing type. Figure 11 shows the pattern 
of variation of surface deflection with 
the distance from the center of the load, 
and Figure 12 the corresponding pattern 
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Figure 10. Variation of deflection with applied pres
sure, nonlinear finite element analysis of asphalt 

concrete pavement. 
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dicated by the nonlinear analysis are more concentrated about the ruds of loading than 
those given by the linear analyses. (The surface deflections yielded by the linear finite 
element analysis are consistently less than those given by the linear Shell analysis . 
This was caused by the finite depth to the lower boundary-15 ft-that had to be used in 
the finite element analysis, rather than the infinite depth used in the Shell half-space 
solution.) 

Comparing the two finite element solutions, the nonlinear analysis yields a maximum 
deflection 13 percent larger and a compression within the asphalt concrete layers 25 
percent larger than those given by the linear analysis. Finally, the maximum surface 
deflections indicated by the theoretical analyses were 17 percent to 32 percent larger 
than measured. This agreement is considered fair. Less satisfactory, however, is 
the marked difference in the deflection patterns, the theoretical deflections yielded by 
all three analyses being far more concentrated than those measured. No conclusive ex
planation for this is apparent. 

Figure 13 shows the variation with depth of the horizontal strains in the asphalt con
crete at points beneath the center of the load. These patterns seem strange at first, 
but appear to result from the marked temperature gradients in the asphalt concrete at 
the time the field tests were conducted. There is good agreement between the two lin
ear elastic analyses, and the strains they yield are little different from those given by 
the nonlinear elastic analysis. The few experimental results available (Fig. 13) follow 
the same general pattern as the analytical results. The large difference between the 
transverse and longitudinal strains measured at the surface remains unexplained. 

The vertical stresses in the subgrade beneath the center of the load are shown in 
Figure 14. The nonlinear analysis indicates higher stresses than the linear analyses, 
and this agrees with the greater concentration of deflections indicated by the nonlinear 
analysis (Fig. 11). The difference in the stresses between the linear and nonlinear anal
yses near the top of the subgrade is about 15 percent. 

The relatively small differences between the results of the linear and nonlinear anal
yses lead to the conclusion that nonlinear material response is not a disqualification for 
the use of linear elastic theory for the practical design and evaluation of a full-depth 
asphalt concrete pavement over a sandy clay subgrade. 

Certain qualifications to this conclusion 
must be emphasized. It applies only to the 
particular materials and pavement struc
ture studied, and will not necessarily be 
true for other conditions. The linear 
analyses described were based on linear 
stress-strain coefficients selected, using 
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judgment, from the series of coefficients 8-8 ASPHALT coNCRErE 

corresponding to the range of stress levels 
10 

at which the nonlinear materials were "' 
tested . The ·results of the linear analyses ~ 
may have been considerably different if 
the material constants had been deter
mined at arbitrary stress levels . The non
linear analysis was only approximate, be
cause the laboratory tests conducted had 
not permitted the materials to be charac
terized completely . Conclusions as· to the 
effect of nonlinear material response on 
the pavement behavior can thus only be 
tentative. 

A secondary aim of the study was to 
obtain an indication of how well a mech-
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Figure 14. Theoretical variation of vertical stress in 
subgrade with depth, Section 2. 
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sponses were similar, the quantitative agreement was, in general, not good. This was 
not unexpected, as there were many factors that were not taken into account adequately. 
The fact that the linear and nonlinear analyses of the test road sections agreed fairly 
well, while the predicted and measured responses did not, indicates that, for the pave
ment studied, less error would be introduced in pavement design and evaluation by non
linearity of material response than by other assumptions made. 

SUMMARY 

Laboratory studies have shown t11at under conditions representative of moving traffic 
on an in-service pavement many common highway materials (including sands, clays, 
asphalt-, lime-, and weakly cement-treated soils) exhibit anonlinear 1·esponse to stress. 
The degree of nonlinearity appears to range from very small in the case of portland ce
ment concretes to pronounced in the case of sands and unbound aggregates. studies of 
pavement structures in the field have revealed more subdued nonlinearities in the rela
tionships between applied load and the resulting deflections, strains, and stresses. The 
forms of these nonlinearities have generally been as would be expected from a knowledge 
of the nonlinearities in the behavior of the constituent materials. Additional indications 
of the likely effects of nonlinear material response on the behavior of pavements were 
yielded by theoretical nonlinear analyses. In the case of a uniform sand mass, such an 
analysis revealed a pronounced stiffening relationship between the pressure applied over 
a circular area and the surface deflection and slightly nonlinear relationships between 
the applied pressure and the vertical stresses induced in the mass. The vertical stresses 
beneath the center of the load were a little higher than those for a linear elastic mate
rial. An approximate nonlinear analysis of a pavement consisting of asphalt concrete 
layers over a clay subgrade yielded an approximately linear relationship between wheel 
load and surface deflection, and linear and nonlinear analyses gave very similar distri
butions of the stresses and strains within the structure. 

In relation to the procedures required for materials characterized as linear, the 
testing required to characterize a material as nonlinear is considerably more complex, 
and the analysis of a pavement with nonlinear materials is also more complex. For 
practical pavement design, it would clearly be preferable to treat the materials as lin
ear, if this does not involve too great a sacrifice of accuracy. Based on the literature 
reviews, tests, and analyses described in this paper, the linear procedures would ap
pear reasonable in the case of portland cement concrete pavements, in pavements hav
ing bases strongly bound with cement overlying a cohesive subgrade, and in pavements 
comprising thick asphaltic concrete layers over a stiff cohesive subgrade. It is again 
emphasized that such linear analyses were assumed to be based on stress-strain coef
ficients at carefully selected realistic stress levels. Further confirmation of the va
lidity of linear testing and analytical procedures for these pavements is, however, de
sirable. The linear procedures are not adequate in the case of pavements comprising 
thin surfacingsover unboundaggregate, gravel, or sand bases, subbases, and subgrades. 
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A Mechanism for Soil Deformation and Strength 
CALVIN A. NOBLE, Memorial University of Newfoundland 

The Mohr-Coulomb approach to shear strength has been a use
ful tool in soil engineering but gives no indication of the mech
anism of shearing resistance in fine-grained soils. This mech
anism should be related to the particulate nature of soil and to 
its deformation behavior. Using a model based on interparticle 
bonds, which is consistent with the Bowden and Tabor concept 
of friction, and a chemical kinetic approach, relationships be
tween stress and strain rate are developed. Previously re
ported data from stress-controlled and strain-controlled direct 
shear tests on two remolded soils gave values for the coeffi -
cients in the equations that agreed independently of the test 
method. This indicated a unique deformation mechanism within 
the limitations of the experimental data. These relationships 
also indicated the effects of secondary variables such as tern -
perature and strain rate on the shear resistance. Independently 
of the assumptions of a bond model and chemical kinetic ap
proach, it is observed that the stress-strain behavior of strain
controlled direct shear tests can be predicted from the results 
of stress-controlled (creep) tests. This observation supports 
the conclusion of a unique deformation mechanism and also in
dicates the nature of the general stress-strain-time behavior 
of remolded cohesive soils. 

Creep tests performed on a third soil with a simple-shear 
device show the same behavior as the direct-shear device. 
These tests are also used to show that higher compaction water 
contents result in markedly higher rates of strain. The effect 
of soil fabric changes during deformation is considered, and a 
relationship is suggested that gives a solution applicable to the 
early stages of creep and direct shear tests on remolded soils. 

•THE STARTING POINT for most discussions on the shearing strength of soils is the 
Coulomb equation, 

s = c + p tan¢ (1) 

where the shearing strength, s, is equal to the sum of cohesional, c, and frictional, p 
tan ¢, components. Terzaghi (40) modified this to 

s = c + Pe tan¢ (2) 

where effective stress, Pe, is equal t.o p - u, the total normal stress minus pore water 
pressure. Fo1· graoular soils, U1e cohesional term may be omitted, and the strength 
is given by the product oft.he effective normal stress, Pe, and the coefficient of in
ternal friction, tan ¢, where ¢ is referred to as the angle of internal friction. The 
same relationship has been shown to hold for cohesive soils when the normal pressure 
is expressed in terms of effective stress. This has been well doc1;1mented for normally 
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consolidated clays by Bishop and Bjerrum (3) and more recently for overconsolidated 
clays by Gibbs (12). However, clay soils tested without allowing time for drainage of 
water or readjustments of water structure at particle contacts will show a stress
independent component of strength referred to in soil mechanics terminology as co
hesion. Based on the fact that cohesion is proportional to the consolidation pressure, 
Eq. 2 may be put in the form 

s = Pc tan ¢c = Pns tan ¢r (3) 

where Pc is the consolidation pressure, ¢c is the friction angle for consolidation, Pns 
is the normal pressure du1•ing shear, and 0r is the angle of friction {or overconsolida
tion. Hvorslev (14) refers to this equation as the Krey-Tiedemann failure criterion. 

Bishop and Bjerrum (3) stated, " ... the dille.rence between the shear characteristics 
of sand and clay lies nol so much in the dilference between frictional properties of the 
component particles as in the very wide difference-about a million times-in perme
ability." This view is expressed to show the general validity of the effective stress con
cept and appears valid in view of the evidence supporting the Coulomb equation. How
ever, it overlooks the fact that in many practical cases involving clays, time does not 
permit the full development of effective stresses through drainage or swelling, and an 
apparent difference in behavior results. Further, a difference in behavior would be 
expected because of the difference in specific surface area between granular and co
hesive soils of about a million times. Thus, neglecting differences in surface energies 
that should be in the same order of magnitude for all silicates, the higher specific sur
faces of clays influence a much greater proportion of the soil water. This adsorbed 
water largely accounts for the cohesive and plastic properties of clays. 

FRlCTION CONCEPTS 

Application of the Bowden and Tabor (5) concepts of friction between solids to soils 
indicates the reason for the macroscopic behavior. The real area of contact between 
solids is very small in comparison to the total area and is related to the applied load 
on the contact area. Surfaces of solids are relatively rough compared to molecular 
dimensions, and the load is carried by the highest points of irregularity. Stresses are 
high at these points of contact and plastic deformation of the material occurs until the 
area of contact is large enough to carry the load. This may be expressed as 

A= ..R_ 
Py 

(4) 

where A is the area of contact, P is the load, and Py is the yield stress of the material. 
In the case of metals, if the surfaces are "clean" (no oxide or adsorbed films), the high 
contact pressures cause localized welding or adhesion to occur. However, if release 
of load results in elastic strain release sufficient to rupture the bonds, no permanent 
adhesion occurs. This occurs with harder metals, while softer metals may form per
manent bonds. The bond slrength between two clean metals in contact is given by 
Goodzeit (13) as related to their relative atomic size, crystal structure, electrochemical 
activity, valency, and type of forces that hold the atoms in their lattices. If S is the 
mean tangential stress necessary to shear the junctions, the total force required to 
shear all junctions is given by AS= F, the total frictional force. Combining with Eq. 
4 gives 

F = PS 
Py 

(5) 

which expresses the basic law of friction, namely that the frictional force is dependent 
only on the load and is independent of the total area of the surfaces. 

Granular soils tend to act similarly to hard metals so that they obey the law of fric
tion, but, if load is released, elastic rebound breaks bonds at the points of contact and 
there is no frictional resistance under zero normal load. With clays, however, bonds 
probably form in the adsorbed water layers adjacent to the particles rather than 
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between atoms of the particles, and these bonds, similar to the case of soft metals, are 
not broken when the load is released. Thus the clay will exhibit a shearing resistance 
under zero load, i.e., cohesion. It is generally agreed that all shearing resistance in 
soil is of a frictional nature (6, 16, 28, 41) with cohesion due to internal attractive 
forces. However, in view of these concepts of friction it could just as well be stated 
that all shearing resistance is due to cohesion. 

The Mohr-Coulomb equation, particularly with effective stress modifications, has 
proved to be a useful predictive tool for engineering design. However, it does not in
dicate the mechanism of s\learing resistance in fine-graned soils (17), and the vahdity 
of the concept has been seriously questioned in several instances {Th 30, 32, 33 ). Thus 
it would appear that a different approach is required to gain an understanding of U1e 
mechanism of shearing resistance and deformation of fine-grained soils. This under
standing must ultimately include the effects of mineralogy, soil fabric, and physico
chemical properties. It would further seem necessary to consider the shearing resis
tance in conj'unction with deformation behavior, because many soils do not exhibit a 
well-defined peak strength but rather deform continuously to some maximum resis
tance. In practical cases, the behavior of the soil to stresses below peak or ultimate 
is of primary interest. The need for consideration of deformation response in the field 
is emphasized with regru:d to large deformations in embankments by Rivard andKohuska 
{2'7) and by Peterson (26), who states, " ... cases clearly indicate the importance of 
taking deformation intoconsideration in the design and construction of earth struc 
tures." Rowe (29), in discussing U1e various proposed corrections to the friction angle 
to account for dilatancy, states, "Finally, none of the above work is concerned with be
havior before failure in which region many unsolved problems in soil mechanics lie." 

Although the strength of soils has been widely investigated during the past decade, 
relatively little attention has been paid to the deformation mechanism leading to and 
during failu1·e. Studies using rheological approaches have been carried out for soils 
subjected to stresses well below the peak or ultimate strength (11, 21, 22, 23, 31, 34, 
36., g 39) and for soils subjected lo consolidatioo stresses (!!!,-~ 38t Eyring's 
rate process theory (!l_, .§!_) has also been applied to soil deformation behavior (!_, 19, 20, 
~ 22, 43). Although the.se approaches are able to characterize soil behavior under 
rather limited conditions, few attempts have been made to show the relationship between 
deformation and strength behavior. 

A BOND MECHANISM 

It is reasonable to propose that soil deformation is governed by some mechanism 
that is independent of the method or stress application or the intensity of stress within 
reasonable limits. It was suggested (25) that this mechanism could be related to a 
model based on bonds formed between soil particles due to an oriented structure in the 
adsorbed water adjacent to the particles. Stresses applied to the particulate system 
would be transferred through these bonds, and deformation of the system would occur 
by distortion and breaking of these bonds. Although deformation of a soil mass under 
stress (particularly under low stress) may partially be attributed to the instant defor
mation of the bonds, in a completely random system like soil, the virgin deformation of 
particles or domains is expected to cause a fraction of the bonds to break and repair 
themselves as time progresses, this fraction being equal to the time derivative of the 
number of bonds that break. This mechanism gives rise to a time-dependent deforma
tion. It is doubtful, therefore, that recoverable deformation can occur in soils except 
where the mass has been previously pres tressed under identical stresses. Schmid (33) 
fowid neither an elastic stress range nor a yield limit for clay soils. As stresses in
crease, more and more bonds are broken per unit time, giving rise to plastic deforma -
tion. New bonds will tend to form at points of contact during deformation, but, because 
of reorientation of particles and the apparent time-dependence of bond formation, the 
bonds may be weaker than those existing prior to deformation. 

It was further suggested that the breaking of a bond involves overcoming an energy 
barrier and that the rate of bond disruption can be related to the energy by an equation 
of the form of the Arrhenius equation of chemical kinetics. The rate of strain, y, is 
given by 
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y = A' exp (- ~;) (6) 

where A' is a frequency factor, Ga is the activation free energy, k is the Boltzmann 
constant, and T is the absolute temperature. The activation free energy may be given 
as 

Ga= .:lH - T.:lS - {3
1
T +µ.'a (7) 

where .:lH is the activation enthalpy, .:lS is the activation entropy, /3' is the volume of a 
flow or bonding unit, r is the shear stress~ and µ.'a is the portion of the activation energy 
due to volume change and includes lh.e normal stress, a, on the shear plane. The coef
ficientµ' must have dimensions of volum e. 

The first two terms of Eq. 7 are obtained from the well-known thermodynamic rela
tionship and are related to the bond energy, whe1·eas the latter two terms are mech.anical 
energies representing effects of shear and normal stresses on the energy barrie1·. Com
bining Eqs. 6 and 7 and letting f3 = f3 '/kT, µ. = µ '/kT, and A = A' exp (~ S/k), the rate 
equation is obtained: 

j, = A exp (- !~ + {3T - µ.a) (8) 

Taking logarithms of both sides of Eq. 8 and rewriting gives the following relationship 
for shear stress: 

(9) 

The shear stress was introduced in Eq. 7 to account for its effect on the activation 
energy. Experimental evidence from tests on remolded soils (24) indicated that Eq. 9 
may be taken to represent the maximum shear resistance undera given set of condi
tions. Thus the "strength" varies directly with the logarithm of shea1· rate, inversely 
with the absolute temperature of shear, directly with the normal stress on the shear 
plane, and directly with a parameter including the entropy of activation and frequency 
factor . The first three terms in the relationship are essentially constant for a given 
soil, tested at a given rate and at a fixed temperature, while the last term is a constant 
times the normal stress. This constant may well be related to the minimum energy 
principle proposed by Rowe (29). 

Equation 9, developed froma chemical kinetic basis, shows some parallel with the 
Mohr-Coulomb equation and also indicates a basis for some of the secondary factors 
affecting the strength of a soil. For example, it has been shown that the undrained 
strength of soils varies with the logarithm of time to failure while the effect on drained 
strength may be approximated by a logarithmie relation (4, 14, 19, 42). 

In an earlier paper (25) the A parameter, which includes the activation entropy, was 
further subdivided to show the effects of temperature of consolidation, consolidation 
stress, and water content within a limited range. Each of these variables affects the 
soil's behavior through its influence on the fabric and density of the soil before applica
tion of shear stress. This relationship with soil fabric is logical because entropy is a 
measure of order in a system. 

EXPERIMENTAL PROGRAM 

Properties of the soils used in the experimental investigation are given in Table 1. 
In each case the soils were air-dried and pulverized to pass a No. 40 sieve. Water was 
added to give the desired water content, and the mixed soil was stored for several weeks 
before testing. Specimens were formed by statically compacting a predetermined 
weight of soil. 

All tests were performed as temperature-controlled tests using either a direct shear 
apparatus or a simple shear apparatus ( Geonor ). Two basic types of tests have been 



Property 

Specific gravity 
Liquid limit 
Plastic limit 
Percent passing No. 200 sieve 
Percent finer than 2 microns 

(by hydrometer analysis) 
Mlneralogl cal compo11ition 

(by X-ray diffraction) 

Unified classification 

TABLE 1 

SOIL PROPERTIES 

A 

2.74 
89 
30 
99.4 

80.4 
Calcium 
Montmorillonite 

Highly plastic 
inorganic clay 
C.H. 

Soil 

B 

2.68 
34 
24 
98.2 

25 
Quartz 
Calcite 
Dolomite 
Montmorillonite 
Mica 
Low plastic 

inorganic silt 
M.L. 

C 

2.73 
33 
20 
81.5 

49.5 
Quartz 
Chlorite 
Mica 
Sericite 

Medium plastic 
inorganic clay 
C.I. 
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run: first, a standard controlled rate of deformation test (strain-controlled test) and 
second, a "creep" test in which a single shear load was applied as quickly as possible 
and the deformation (strain)-time response was measured. (Shear strain cannot be de
fined in a direct shear test inasmuch as the thickness of the shear zone is unknown; 
thus the term "deformation" is used in this case. In the simple shear test the entire 
specimen deform s, and the shear strain is defi ned as shear deformation divided by 
specimen thi ckness in the normal direction.) The appli ed shear str ess in the cr eep 
tests varied from about 70 to 110 percent of the peak shea r strength obtained in the 
direct shear tests run at deformation rates of 0. 05 in. per min. At these stresses 
many of the creep tests entered the tertiary stage in which the rate of deformation 
increased. 

The results of 221 creep tests and 213 direct shear tests performed on soils A and 
B using the direct shear apparatus were previously reported (25 ). These results showed 
that similar values could be obtained for the coefficients of Eqs. 8 and 9 from the two 
types of tests. This was interpreted as indicating that the model equation could be 
used to characterize the deformation behavior of two different soils tested in direct 
shear and in creep. The analyses were carried out by noting that Eq. 8 is valid only 
for the case of the second time derivative being equal to zero. This condition is satisfied 
for either a steady-state condition or a point of inflection in the deformation-time curve. 
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Figure 1. Typical deformation-time curves for soil A. 

Deformation -time curves for a 
typical group of creep tests on 
soil A using the direct shear ap-
paratus are shown in Figure 1, 
and a similar set on soil B in 
Figure 2. These curves are 
similar to those reported by 
others for soils (e.g., Schmid 
(33)) and for other materials (e.g., 
Dorn (1)), showing stages of initial 
instantaneous deformation during 
load application, transient creep 
during which the rate decreases 
and may terminate deformation 
under low stresses, steady-state 
creep characterized by constant 
or near-constant rate, and "ter
tiary" creep in which the rate 
increases leading to rupture. 
The rate of deformation, obtained 
as the slope of the curves in 
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Figure 2. Typical deformation-time curves for soil B. 

Figures 1 and 2, is plotted against deformation in Figures 3 and 4 for soils A and B 
respectively. 

A number of creep tests have been performed on soil C using a simple shear appa -
ratus. Strain-time curves for a group of these tests are shown in Figure 5 and strain 
rate-strain curves in Figure 6. 

The results show the deformation behavior of the soil when subjected to a given stress 
intensity. From the rate curves it can be seen that there is some level of stress above 
which the deformation rate, after an initial decrease, begins to increase until rupture 
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Figure 3. Deformation rate curves for soil A. 
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Figure 4. Deformation rate curves for soil B. 
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Figure 5. Typical strain-time curves for soil C. 

occurs or the limit of travel of the apparatus is reached. At lower stresses the rate 
continuously decreases until no further deformation occurs. To obtain values of the 
coefficients in Eq. 8, the minimum points of the rate curves were joined by a straight 
line that was projected to cut the other curves not having minimums, and the points of 
intersection were assumed to satisfy the validity criterion. 'fhe coefficients of Eq. 9 
were obtained by taking the peak or maximum points from the stress-deformation 
curves of the direct shear tests. 

The decrease in rate of deformation under low stresses appears to be a "strain
hardening" effect that may be partially explained by consolidation during shear because 
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Figure 6. Strain rate curves for soil C. 

no attempt was made to control drainage. 
However, most tests took place in a relatively 
short period of time and consolidation should 
not be too significant. Furthermore, similar 
behavior was reported for undrained creep 
tests in triaxial apparatus (35). 

The initial portions of thedeformation
time curves (Figs. 1, 2, and 5) and the de
formation rate curves (Figs. 3, 4, and 6) in
dicate very high initial rates of deformation 
and may be considered to be instantaneous 
or elastic deformation although it would be 
nonrecoverable. The plot of Figure 9 sug
gests a logarithmic relationship for this por
tion of the curves, but difficulties of instan
taneous load application and measurement of 
deformation leave some doubt. 

EFFECT OF INITIAL 
WATER CONTENT 

It was previously noted in reporting the 
results of the tests using the direct shear 
apparatus that, although a coefficient was 
included to account for variations in water 
content of the samples, there was a relatively 
small and random variation in the water 
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Figure 8. Strain rate variation with initial water 
content for soil C. 

contents and thus the coefficient was poorly defined (25 ). Because all test procedures 
including consolidation stresses and times were essentially the same, it was suspected 
that the differences in water content reflected initial differences in the compacted speci -
mens. This has been investigated by three groups of tests performed using the simple 
shear device in which the initial water contents of the spe ~mens averaged 19.35, 25.82, 
and 31.37 percent for the three groups. The resu.lts of these tests are shown in Figure 
7, in which the minimum points of the rate curves are plotted against the corresponding 
shear stresses. The slopes of the lines (the coefficient fJ in Eq. 8) are essentially the 
same, indicating that fJ is not affected by ini1ial wate1· content variations. The rate of 
deformation for a given intensity of shear stress is, however, markedly dependent on 
initial water content. This is shown in Figure 8 for a shear stress of 0.45 kg/cm2

• The 
average water contents of the samples after testing were 22. 75, 23.33, and 26. 76 percent 
respectively for the three groups. Although the differences in final water content may 
have some effect, the fact that all specimens were consolidated and tested under the 
same normal stress and the degree of saturation was 80 percent or more in all cases 
indicates that the final water content is of lesser influence. The influence of initial 
water content is most probably due to differences in soil fabric arising as a result of 
differences in compaction water content as discussed by Lambe (15). Higher compaction 
water contents would result in more parallel particle orientation and lowered shear 
resistance. Experimental scatter can also be related to small differences in initial 
water content and to differences in the fabric imparted by compaction techniques. 

SOIL FABRIC EFFECTS 

A further subdivision of the A parameter of Eq. 8 could be made to account for the 
energy involved in changes of soil fabric during deformation. This structural factor, 
S, in the general case would be a function of strain; time, and temperature; i.e., S = 
S (y, t, T). Because we are dealing with a rate process, strain and time are not in
dependent and time may be omitted. There is also no experimental evidence to suggest 
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that there is a temperature dependence, so 
we may t ake S = S (y). For metals there i s 
experimental evidence (2 ) that S (y) can be 
expr essed by y-2

• In the gener a l case for 
soils, this function should account for the shape 
of the stress-strain curve and the strain rate
strain relationships. Obviously no simple 
function will acount for peaked stress-strain 
cLU·ves nor for creep curves that reach the 
ter tiary s tage. If it is as s umed that S = y-n 
and this function is added to Eq. 8, a loga
rithmic plot of y versus y should give a straight 
line with a slope of -n. This is shown in Fig
ure 9 for a group of creep tests performed 
on soil C with the simple shear apparatus. 
The initial portions of the strain rate curves 
gave straight lines with an average slope of 
about 4. The results from other tests gave 
values of from 3 to 6. Introduction of the 
strain function into Eq. 9 indicates that a plot 
of shear stress, r , versus ln y should give a 
straight line with a slope of n/ /3. The initial 
portions of the stress-deformation curves 
plotted logarithmically in Figure 10b are 
reasonably represented by straight lines. The 
slopes of these lines give n values of about 
24 for soil A and 3. 5 for soil B. In these 
direct shear tests the values of /3 were poorly 
defined and thus the values of n are not neces
sarily accurate. 

Becausethevaluesof narevariableandthefunction y-n fits only the initial portion of 
the curves, a more complex functional relationship should be sought to account for fabric 
changes during deformation. 
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Figure 11. Stress-deformation curves for soils A and B comparing 
results from direct shear and creep tests. 

STRENGTH-DEFORMATION 
RELATIONSHIP 

The agreement between the 
values of the coefficients in Eqs. 
8 and 9 obtained from creep and 
direct shear tests respectively 
supported the hypothesis of a 
unique deformation mechanism 
that could be represented by a 
chemical kinetic model. The 
uniqueness of the mechanism is 
further supported by a second 
observation that is independent 
of assumptions of model or the 
rate equation. Lines of constant 
rate of deformation (strain) in 
Figures 3, 4, and 6 intersect the 
stress curves at increasingvalues 
of deformation. A plot of these 
intersection points gives a portion 
of the stress-strain curve for the 
selected rate. Two of these 

"predicted" stress-strain curves are compared in Figure 11 with the actual curves ob
tained from direct shear tests run under the same conditions. The peak shear stress 
predicted from the creep tests is within 10 percent of the peak strength obtained from 
the direct shear tests and occurred at essentially the same deformations. The shapes 
of the curves were also closely predicted for two soils with considerably different stress
strain behavior. 

The peak in the stress-deformation curves obtained in the direct shear test is seen 
to be related to the imposed rate of deformation. A very slow rate would result in 
little or no peak while a more rapid rate would result in a more pronounced peak. No 
stress curves on the rate plots (Figs. 3, 4, and 6) extend beyond a certain deformation. 
This is consistent with observed stress-strain behavior in which stress becomes es
sentially constant at deformations somewhat beyond the peak, i.e., ultimate strength. 

The foregoing has shown that the rate curves obtained from strain-time plots give 
an indication of the behavior of the soil to be expected under an imposed shearing stress 
or rate of deformation. However, these relationships have been determined only for 
remolded cohesive soils and may not apply to such soils as overconsolidated clay shales 
that may weaken with time nor to highly sensitive clays that undergo a marked struc
tural breakdown at rather low strains. 

CONCLUSIONS 

A different approach to soil deformation and strength behavior has been developed 
from a chemical kinetic viewpoint. A model based on interparticle bonds has yielded 
relationships that appear valid for both creep and strength tests. Simple parameters 
are obtained that reasonably characterize the behavior of remolded cohesive soils 
tested in direct and simple shear. 

Experimental results on three cohesive soils show that there is some level of shear 
stress that, if applied rapidly, will result in a decreasing rate of deformation to a mini
mum and then an increasing rate to rupture. Stresses below this level result in a de
creasing rate of deformation until movement stops. 

A large increase in deformation rate for a given level of shear stress occurs with 
an increase in the compaction water content. This is probably a result of differences 
in soil fabric formed during compaction. Change in soil fabric during shear deforma
tion is primarily a function of strain, but no simple relationship was found to satisfy the 
imposed constraints. 

The strain-time behavior of remolded cohesive soils under an imposed level of shear 
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stress can be directly related to the stress-strain behavior under an imposed rate of 
strain. This relationship supports the hypothesis of a unique deformation mechanism 
and thus indirectly the validity of Eqs. 8 and 9. 

These relationships indicate the effects of some of the secondary variables and should 
lead to a better understanding of stress-strain-time behavior of soils. The approach 
also opens the way to investigation of mineralogical and physicochemical properties by 
their effects on the various parameters. 
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Spring Analog Model for 
Flexible Culvert Behavior 
J. NEIL KAY and RAYMOND J. KR.I ZEK, 

The Technological Institute, Northwestern University 

An analog model consisting of pin-jointed rigid segments is 
used to simulate the soil-culvert interaction of a flexible cir
cular culvert subjected to earth loading. The soil behavior is 
expressed in terms of the constrained modulus, which some 
investigators have indicated can be determined from the dry 
density. The forces due to the soil weight are applied at the 
joints by means of calibrated springs, where the stiffnesses of 
the springs are set to correspond with the stress-strain char
acteristics of the surrounding soil, and the effect of settlement 
of the adjacent embankment is handled by moving the spring 
supports through calculated distances. The resulting response 
of the model is measured, and these data, together with a mod
ification factor to account for ring stiffness, are suggested for 
possible use in determining directly the ring forces and defor
mations of the culvert for a wide range of field conditions. 

•IN GENERAL, the commonly used methods for flexible culvert design involve estab
lishing a load distribution around the culvert periphery and then using this load distri
bution to determine the stresses in the culvert wall. If desired, the deformation of the 
culvert may be computed from an empirical formula; however, this formula requires a 
knowledge of some rather elusive soil properties. The determination of the load dis
tribution and associated deformations for a soil-culvert system is highly complex be
cause of the interaction between the two, and the situation is further complicated by the 
fact that the load-deformation behavior of most soils is nonlinear and time-dependent. 

As far as major structural considerations are concerned, the designer is interested 
primarily in the compressive stresses in the culvert wall and the resulting displace
ments . lf it were possible to determine these parameters directly from the geometry 
of the culvert and the soil properties, a knowledge of the actual load distribution would 
be unnecessary. The sp1·ing analog model discussed here is designed to investigate the 
response to earth loading of a circular culvert whose walls are unrestricted by bending 
resistance. Graphical representation of the results in terms of dimensionless param
eters and provision for modification to account for wall stiffness facilitate the direct ap
plication of model data to actual field conditions. 

REVIEW OF RELATED WORKS 

The traditional Marston-Spangler approach to the design of positively projecting 
flexible circular culverts {11, 12, 13) is an extension of earlier work (5) relating to 
negatively projecting seweranddrain lines laid in excavated trenches. - Only two di1·ec
tions of displacement are considered: vertical and horizontal. Ver ti cal displacement 
is assumed to consist of the displacement of a rectangular prism of soil above the pipe, 
and horizontal displacement is assumed to have a parabolic distribution with a maximum 

Paper sponsored by Committee on Buried Structures and presented at the 49th Annual Meeting. 
29 



30 

value, Ax, at the horizontal diameter. According to Spangler, Ax can be computed 
from the formula 

where 

DLKWcR3 
Ax=------

EI + 0.061 E' R 3 

Ax = horizontal deflection (increase in diameter) of the pipe, 
DL = deflection lag factor, 

K = bedding constant, 
W c = vertical load per unit length of pipe, 

R = mean radius of pipe, 
E = modulus of elasticity of the culvert material, 
I = moment of inertia per unit length of the pipe wall cross section, and 

E' = modulus of soil reaction. 

(1) 

The vertical load on the pipe consists of the uniformly distributed weight of the prism 
of soil above the pipe less the shear forces acting on the sides of this prism. The reac
tion to this loading is given by the passive resistance of tbe soil near the culvert walls 
and by the vertical forces on the bottom provided by the bedding. The commonly em
ployed design criterion limit.s .4x to 5 percent of the diameter and does not explicitly 
consider compressive stresses in the culvert wall, except for seam and lap joint design. 

White and Layer (17) propose that the soil overburden load be assumed to act hydro
statically on the culvert. Based on this assumption, they determine the ring compres
sive stress, which, in conjunction with a safety factor of either 2. or 4, is used as the 
structural design criterion for the culvert. Watkins (16) considers the loading of a ci.l·
cular, flexible culvert to be more realistically described by a radial compression phe
nomenon. Under the free-field compression of the embankment, the soil surrounding 
the culvert is deformed into an elliptical shape, where the length of the horizontal axis 
remains unchanged and the length of the vertical axis is reduced. Because the circum
ference of the culvert remains essentially constant, however, the culvert resists this 
change and, in so doing, manifests an outward radial displacement relative to the soil 
mass. The theory of elasticity is used to develop graphs from which the compressive 
stresses in the culvert wall and the associated deflections may be determined. This 
approach is used herein as a basis for converting the soil response to an equivalent 
spring load. When conside1•ing the buckling of soil-suri-ounded tubes, Luscber (4) sug
gests that the finite elastic continuum immediately surrounding the tube may be approxi
mated by a system of discrete springs; the same approximation is used to analyze the 
bending of beams that are continuously supported by an elastic subgrade. Further justi
fication for this model will be discussed subsequently. 

THEORETICAL CONSIDERATIONS 

Transmission of Embankment Forces to the Structural System 

As the fill is constructed over a culvert, forces are exerted on the culvert wall. 
These forces may be considered to have r adial and tangential components or, alterna
tively, vertical and horizontal components. 1:'rom the viewpoint of the dii· ectional dis
h'ibution of forces and soil properties in an embankment, the latter representation is 
convenient and will be used here. If the culvert is constructed within a large homoge
neous embankment, the vertical component of force at any point on the culvert periphery 
will depend on (a) the weight of the vertical column of soil above the culvert, (b) the de
gree of consolidation of the adjacent fill outside the "zone of influence" of the culvert, 
(c) the "arch action" effect due to the influence of the preceding factor on the "hard spot" 
provided by the culvert, (d) the vertical component of the modulus of soil reaction, and 
(e) the vertical component of the culvert deformation. Similarly, the horizontal force 
component depends on (a) the ve1•tical force component, (b) the coefficient of earth pres
sure at 1·est, (c) the horizontal component of the modulus of soil reaction, and (d) the 
horizontal component of the culvert deformation. 
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Figure 1. Typical stress-strain curves from consolidation test. 

Stress-Strain Characteristics of the Soil 

The deformation of the embankment outside the zone of influence of the culvert is 
normally considered to be a uniaxial strain condition; the constrained modulus, M, as 
measured by the conventional laboratory consolidation test, is commonly used to rep
resent the field stress-strain characteristics. Based on the results of consolidation 
tests on a va1·iety of laboratory-compacted soils, Osterberg (9) suggested that M for 
many commonly encountered soils may be uniquely determined from the compacted dry 
density. Although the use of such a generality must be approached with caution until 
substantiated by further tests, its application in conjunction with good engineering judg
ment should not be precluded. If correct, this relationship would permit the compres
sion of the embankment at the culvert level to be determined directly from the dry den
sity of the compacted fill alone. 

There are many variables that can affect the compressibility of a compacted soil; 
among these, Lambe (2) lists temperature, soil composition, characteristics of per -
meant, void 1·atio, degree of saturation, and structure. Some, but not necessarily all, 
of these are taken into account with dry density. As shown in Figure la, Lambe sug
gests that, for clay samples compacted to the same dry density, one above and one be
low optimum moisture content, the one compacted at the lower moisture content will 
exhibit a more nearly linear void ratio-pressure relationship. However, the degree of 
difference is not indicated. Osterberg's work appears to show that this difference 
would not be sufficient in practice to prohibit the use of some average curve for design 
purposes. In addition, Lambe's observations apply primarily to clays, and the varia
tion would be expected to be less for soils of lower clay content, such as would probably 
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Figure 2. Secant modulus versus stress for 
compacted soils. 

be used for compacted embankments. The nor -
mal use of different load-increment ratios in the 
laboratory and in the field may have an effect on 
the consolidation characteristics of the soil, as 
discussed by Leonards and Altschaeffl (3) and 
others; however, the few comparisons between 
laboratory and field settlement characteristics 
of compacted soils ai·e insufficient to draw any 
general conclusions, and it seems reasonable to 
extrapolate laboratory results directly to com
pai-able field situations until a more definite and 
quantitative evaluation of such load-increment 
ratio effects is forthcoming. 

The curves developed from Osterberg's work 
(Fig. 2) show the secant constrained modulus as 
a function of stress and compacted dry density. 
The solid curve is associated with a dry density 
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(a) Infinite Elastic Continuum (b) Finite Syslem 

Figure 3. Representation of infinite elastic continuum surrounding a cylindrical hole by equivalent finite system. 

of 110 pcf, and it is used as a refe1·ence; the dashed curves represent constrained mod
ulus relationships for soils with dry densities of 90, 100, and 120 pcf. Moduli for other 
dry densities may be determined from 

(11-0.lyd) 
M = 0.635 MllO 

where 

M = constrained modulus for a soil with a dry density y ct, and 
M

110 
= constrained modulus for a soil with a dry density of 110 pcf. 

(2) 

The compressibility of the soil adjacent to the culvert wall is also of major interest. 
Watkins (16) suggests that the effect of the downward movement of the fill is to produce 
a relativeradial motion between the culvert circumference and the soil. According to 
Murphy (7 ), the radial deformation, w, of a circular hole of radius R in an infinite 
elastic continuum caused by an internal pressure pis 

where 

v = Poisson's ratio, and 
Es = modulus of elasticity of the elastic medium. 

Because Es and M are related by 

E _ M(l + v) (1 - 2v) 
S - {1 - V) 

substitution of Eq. 4 into Eq. 3 and simplification leads to 

Rp 1 - Ii 
w =M 1-Tv 

The qualitative distribution of strains for this condition is shown in Figure 3a. 

(3) 

(4) 

(5) 

Consider now the system shown in Figure 3b, in which segments of a cylinder are 
restrained by blocks of elastic material of constrained modulus, M, under the following 
conditions: 



1. The material is of infinite extent parallel. to the cylinder axis; 
2. The cylinder is restrained from movement in a di1·ection tangential to the cir

cumference; and 
3. The radial length of each restraining block is (1 - v) R/(1 - 2v). 
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Then, as a result of the conditions specified, the relationship among w, p, and M is the 
same as that in Eq. 5 for the cylindrical hole in a body of infinite extent. Hence, the 
ai•tificial system shown in Figure 3b may be used to simulate the infinite case shown in 
Figure 3a, provided the indicated relationships exist. For v values of 0.2, 0.3, and 
0.4, the factor (1 - v)/ (1 - 2v) is equal to 1.33, 1.75, and 3.00 respectively. If a value 
of 0.33 is ai·bitrarily assumed for v, Eq. 5 reduces to 

M = 2Rp 
w 

(6) 

The use of 2 for the factor (1 - v)/(1 - 2v) may warrant subsequent 1·efinement after 
further study · in particular, a variation of r; with M would indicate that this factor should 
vary. Alternatively, an evaluation of this factor from field measurements may provide 
compensation for errors introduced in the theory by the various approximations. 

The preceding development involves the major assumptions that the material is elas
tic and that small strains occur . Although it is possible that neither of these conditions 
strictly applies for the case of a soil-surrounded flexible culvert, it is probable that 
they will be acceptable approximations for many situations. For a well-compacted fill 
the assumption of an elastic material seems reasonable, and for strains up to 5 to 10 
percent the associated error should be tolerable. Note that, for the particular case 
where v equals 0.33, strains of 5 to 10 percent in the soil correspond to changes in the 
culvert diameter of 10 to 20 percent. A further assumption concerns the use of Eq. 3 
to determine radial deformations in accordance with the concept proposed by Watkins 
(16) and explained previously herein. Compression in the vicinity of the culvert wall 
involves both the vertical and horizontal soil moduli; although these moduli probably 
differ to some extent, few data are available on the relationship between them. Fo1· pur
poses of this work, they will be assumed equal, and the soil modulus relationships 
shown in Figure 2 will be used. 

ANALOG MODEL 

If the bending resistance of a circular, flexible culvert is neglected, Eq. 1 (Iowa 
formula) reduces to 

Ax = C Pv (7 ) 
2R E' 

where Pv is the weight of a unit column of soil above the culvert and C is a constant of 
proportionality. In fact, some investigators (6) consider such a form sufficiently ac
curate for flexible culvert design. The objecCof this study is to investigate the response 
of a flexible culvert having no bending resistance, so that the behavior reflects purely 
the influence of the soil. It is recognized that a real culvert having a continuous cir
cular wall must exhibit some bending strength in orderJ o resist local buckling. How
ever, the buckling mode of failure, which virtually never occlll'S in smaller diameter 
culverts, is specifically precluded in this work. It is important to note that a prismatic 
culvert having essentially rigid flat faces joined by hinges (similar to the model sug
gested) can be realistically constructed, and, in fact, Peck (10) discussed a London tun
nel that recently was lined in this manner. Whereas such a structuxe would be unstable 
if surrounded by a fluid having no shear strength, the shear strength of the sun·ounding 
soil normally provides ample stability except in cases of low cover height or excessive 
deformation. If the number of segments in such a structure is large, the response to 
loading would closely represent that of a circular culvert with little or no bending 
resistance. 
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Because the segments are considered rigid, the continuous force system may be 
replaced by equivalent concentrated forces at the hinges withOut affecting the behavior. 
In addition, the use of concentrated tensile forces, instead of compressive fol'ces, will 
result in an equivalent, but reverse, response. Such an analysis, whereby "stable" 
geometry under compression forces is determined by means of a tension system, has 
been used for surface structures in the form of the "linear arch" (14). In the case of a 
concrete arch subjected to surface loads, the geometry producing equilibrium of a flexi
ble system in tension is equivalent to that producing unstable equilibrium in compres
sion. For design, oI course, some bending resistance is required to account for load 
variations and design inaccw·acies. The difference in applying the "linear arch" con
cept to the deformation of a flexible culvert is that the resulting shape is not one of un
stable equilibrium under the compression system, but one of stability owing to the shear 
strength of the soil. 

Based on this reasoning, an analog model consisting of rigid strip segments con
nected at pin joints and loaded in tension at these joints by helical springs will be used 
to describe the response of a flexible culvert to eai-th loads. The tests using this model 
are based on the following assumptions, some o! which may be removed by further re
firtement of the technique: (a) the culvert is perfectly flexible; (b) the response of the 
culvert can be determined from tests on one quadrant only; (c) the quadrant can be rep
resented by a series of six rigid chords connected a:t flexible pivot points; (d) forces 
acting on the culvert can be represented by a combination of horizontal and vertical 
forces acting at the pivot points; {e) the horizontal pressure distribution over the height 
of the culvert due to the weight of the fill is uniform and equal to the value at the hori
zontal diameter or the culvert; and (f) no consideration is given to buckling. 

Function of the Model 

The field conditions in the model are simulated by means of a superposition process. 
The effect of the difference in vertical and horizontal pressures is first allowed to act 
on the model. Then, supel'imposed on this force system is the effect of the free-field 
compression of the soil mass. The validity of such a process depends on an estimate 
of the final vertical and horizontal components of stress in the soil and on setting the 
spring stiffnesses accordingly. Because a constant secant constrained modulus is used 
instead of the actual stress-dependent modulus, the spring stiffnesses ru:e set accord
ingly, and, once the spring stilfnesses are set for a given load, any partial loading con
dition for the model will be meaningless. If, fo1· example, the curve shown in Figure lb 
is the constrained stress -stJ:ain relationship ior the soil and p is the estimated final 
stress acting on the culvert, then a stiffness corresponding to the slope of line OA is set 
in one of the associated springs while the entire model is held fixed. If this spring rep
resents a vertical force and if the initial load setting, Pv, represents the weight of the 
overburden, the corresponding strain in the spring will be represented by €v. Howeve1·, 

this value of strain is not correct, inas
much as the point (€v, Pv) does not lie on 
the stress-strain curve .for the soil. If the 
loads in the horizontal springs are set in 
acco1·dance with K0p (where Ko < 1) and 
the system is released, the load in the 
spring under consideration will decrease 
to Pyli this condition will correspond to a 
stra.m of €vl• which again will be unreal
istic for the soil. If vertical deformations 
due to the free-field compression (time 
dependent consolidation plus instantaneous 
deformations) of the fill adjacent to the 
culvert are then introduced into the sys
tem, the spring deformation will corre
spond with point A, provided the estimate 
for p was correct, and the corresponding 

Figure 4. Spring analog model. strain in the soil will be realistic. 
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The culvert quadrant, shown in Figure 4, is represented by six equal 1/2.s- by ¾-in. 
brass bars joined by hooks to %s-in. diametEir brass washers. The centers of the 
washers represent points on the circumference of a flexible culvert with a radius of 2 
ft. Except for the end washers, each washer has two springs attached, one vertical 
and one horizontal. The resultant of the forces applied by these springs represents the 
load acting on the culvert wall over an arc distance of 7 .5 deg to either side of the pivot 
point. The end points of the quadrant are each supported by only one spring, and the 
motion at these points is restricted to one direction. 

For loading the model, an arbitrary modulus, Mc, is selected to represent that of 
the soil near the culvert wall, and the modulus is then converted to an equivalent spring 
stiffness. According to Eq. 6, the soil deformation, w, maybe approximated by 2Rp/ Mc· 
The soil stress, p, acting on the component, L, of the 15-deg arc produces a load, P, 
given by pL, and P is the load applied to the spring. The spring stiffness, k, is then 
given by 

p pL McL 
k = - =-=--

w w 2R 
(8) 

Each spring stiffness is set separately by allowing a required number of coils to be ac
tive, depending on the premeasured calibration of the particular spring. The quadrant 
of the model is clamped rigidly in a circular position while the springs are tensioned. 
As previously discussed, the vertical springs a.re loaded in accordance with the unit 
load of the overlying soil and the component of the culvert area on which it acts (Pv = 
yHL), while the horizontal springs are loaded similarly except for an adjustment for 
the coefficient of earth pressure at rest (Ph = K yHL). 

For the work presented herein, the value of 81e coefficient of earth pressure at rest; 
K0 , is taken as 0.5. Tschebotarioff (15) discusses early tests by Terzaghi on remolded 
soils, for which values of 0 .42 for sand and 0.70 to 0.75 for clays were reported. How
ever, because the latter values for clay are considered by many to be too high, 0.5 ap
pears to be a reasonable average value. Furthermore, from the theory of elasticity, 
K 0 = v/(1 - v), which yields K 0 equal to 0.5 for v equal to 0.33, this latter value for v 
is consistent with an earlier assumption. 

The effect of the free-field compression of the fill is represented in the model by 
displacing the outer supports for the vertical springs by amounts proportional to the 
distances, y, between the corresponding pivot points and the horizontal axis of the 
model. These displacements, o, are computed from the equation 

0 = PvY 
M 

(9) 

in which Mis the modulus of the soil mass. Although a value of 0.9 for M/Mc was used 
for these tests, final results indicate that a ratio of unity is more nearly correct. How
ever, the influence of this factor on the test results is considered negligible. 

After these adjustments have been made, the spring deformations ai·e measured to 
determine the forces at the joint; in addition, the new locations of the pivot points are 
plotted. With a knowledge of the vertical and horizontal forces at each joint, the two 
unknown forces, T, in each of the chords at a given joint are determined by a graphical 
procedure. Because each chord extends between the two joints, the load, T, in each 
chord is determined twice with the independent solution of the force system at each 
joint. By varying the relative values of Pv and M, vaxious values for T, Ax, and Ay· 
can be found. Presentation of the results in dimensionless form facilitates application 
of the resulting curves to actual field conditions. 

Discussion of Results 

Typical test results obtained from this model are shown in Figure 5. Note from 
Figure 5a that, for a deflection of 5 percent, the pa:rameter Pv/ M equals 0.056. The 
height of fill corresponding to this value may vary from about 17 ft for a material having 
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a compacted dry density of 90 pc£ to about 200 
ft for a material having a compacted dry 
density of 120 pcf. Culvert deformation, and 
thus structural performance, is highly sen
sitive to compacted dry density. It is inter
esting to compare the model test results 
shown in Figure 5c for the compressive load 
in the culvert wall with those obtainable by 
assuming a hydrostatic load on the culvert. 
The parameter T /Rpv for the model tests 
varies from about 0 .8 at the top and bottom 
of the culvert to about 1.2 at the side points. 
Were it not for shear stresses tt'\llgent to the 
culvert wall (Fig. 6a), a constant value of 
about unity would be obtained, which, coin
cidentally, is the value for T/Rp determined 
under the hydrostatic load conditions assumed 
in the ring compression theory (17). Ap
parently, the reduction in horizontal pres
sure due to the use of K0 approximately com
pensates for the ai·ching effect due to com
pression of the adjacent fill. In addition, a 
comparison may be made between these re
sults and those calculated from Eq. 1 (the Iowa 

(a) Normal and Shear Stress Distribution 

T/RYH 

(bl Ring Compression Load Distribution (c) Quadrant Deformation 

Figure 6. Stress and deformation distribution for model test 
(pvfM 0 = 0.10). 
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formula). li E' is taken as 1. 5 M, as 
shown by Nielson (8), if DL, K, and 
We are taken as 1.0, 0.083 (corre
sponding to the maximum bedding 
angle), and 2Rpv 1·espectively, and 
if the stiffness parameter, EI, is 
taken as zero, Eq. 1 becomes 

0.91 ~ (10) 

As shown by the plot of Eq. 10 on 
Figure 5a, very close agreement is 
obtained for deflections less than 
5 percent. 
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Detailed stress and deformation data from a 
typical model test are shown in Figure 6. The 
distribution of normal and shear stresses as a 
function of the overburden pressure, Pv, is shown 
in Figure 6a. Although the shear stress ap
proaches a maximum of about 0.45 times the nor
mal stress, it is possible that shear failure will 
occur before thl.s stress is reached, so that some 
redistribution of stresses will occur. Figures 
6b and 6c show respectively the ring compression 
load distribution and the ring deflection pattern 
for the same test. The effect of varying degrees 
of rigidity for the culvert wall may be considered 
by referring to Figw·e 7; this curve is based on 
data presented by Burns and Richard (1). An in
crease in ring stiffness will result in a reduction 

in the deformation, and data from the spring analog model may be multiplied by the 
modification factor to take culvert stiffness into account. 

Suggested Extension 

The suggested spring analog model, although developed herein for the somewhat re
stricted conditions in which a circular culvert is embedded in a homogeneous fill of in
finite extent, is a versatile technique for solving the complex soil-sfructure interaction 
problem. (See the Appendix for an example problem.) With certain minor modi
fications, it is applicable to cases where the pipe geometry or the soil properties or 
both of these vary. Generally, J1owever, these cases will require that one-half instead 
of one-fourth of the culvert be represented. When the soil cover is shallow in relation 
to the culvert diameter, the assumption of a uniformly distributed horizontal pressure 
on the culvert may not be valid, and it may be necessary to conduct tests in which the 
horizontal force resulting from the weight of the overlying soil varies. Also, if the 
material underlying the culvert has a compressibility substantially different from that of 
the embankment material, it is possible to represent this difference by adjusting the 
vertical springs near the bottom of the model. Similarly, the effect of the "imperfect 
ditch" on a culvert can be studied by adjusting the vertical springs near the top of the 
culvert. 

CONCLUSIONS 

A direct, rational, approximate solution to the complex soil-structure interaction 
problem involved in the design and analysis of flexible, circular culverts is possible by 
the use of a spring analog model. The validity of the technique depends on the accuracy 
with which the weight of the overburden, the coefficient of earth pressure at rest, the 
constrained soil modulus, and the initial structure geometry can be represented in the 
model. The independent treatment of stresses due to soil weight and stresses due to 
free-field settlement of the adjacent embankme.nt produces a more logical and realistic 
representation of stresses acting on the culvert; the compressibility of the infinite soil 
mass can be reasonably well app1·oximated by the compressibility of an equivalent sys
tem of springs; and the representation of the culvert 1•ing by a system of rigid chords 
connected by pin joints is a sufficiently close approximation to conditions encountered 
in many field situations. The e.xistence of a general relationship between the compres
sibility and compacted dry density of a variety of embankment soils obviates the need 
for individual compressibility testing. In addition to deflection data, the model provides 
a guide to the distribution of normal and shear stresses on the culvert and the compres
sive stresses in the culvert wall. Although the normal stress distributions obtained 
from the model are close to the hydrostatic pressure condition assumed in the ring com
pression theory, it appears that shear stresses between the culvert and the surrounding 
soil may cause a maximum increase of about 20 percent in the compressive stress in 
the culvert wall. 
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Appendix 

ILLUSTRATIVE EXAMPLE 

To illustrate the applicability and simplicity of a culvert design procedure based on 
the spring analog model, the following problem, previously used by Spangler (13), is 
solved. -

Problem 

A 60-inch, 10-gage corrugated metal pipe (standard corrugations½ in. deep at 2¾ 
in. centers) is to be installed as a projecting conduit with a 60-deg bedding (bedding 
angle equals 30 deg) and covered w:ith an embankment 20 ft high. Assume the 1irojection 
ratio equals 0. 7, the settlement ratio equals 0, the unit weight of soil equals 120 pcf, 
and the value of E' equals 700 psi. Determine the long-time deflection of the pipe with 
the deilection lag factor oI 1.25. 
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Solution 

Because H = 20 + 0.5 (5) = 22.5 ft, we have Pv = yH = 120 (22.5) = 2,700 psf. For a 
soil having a total unit weight of 120 pcf, a dry density of 100 pcf is a reasonable esti
mate; therefore, from Figure 3 and Eq. 2, for Pv equal to 2,700 psf and yd of 100 pcf, 
Mis found to be 79,000 psf, which gives 

Pv _ 2,700 _ 
M - 79 000 - 0.035 , 

From Figures 6a and 6b, we obtain ~x/2R and Ay/2R equal to 0.034 and 0.037, g1vmg 
horizontal and vertical deflections of 2 .0 and 2 .2 in. respectively. An adjustment for 
the wall stiffness of the culvert may be made by computing the soil-culvert flexibility 
parameter, 

MR3 

EI 
79,000 X 2.5

3 
X 12 = llO 

30 X 106 
)( 0 .0045 

and entering Figure 7 to obtain a modification factor of 0.875. Although the computed 
deflections are due to primary consolidation only, the stated problem includes an addi
tional allowance of 25 percent (DL = 1.25) to account for long-term deformation. Hence, 
if the originally computed deflections are multiplied by the product of 0.875 and 1.25 to 
account for both ring stiffness and deflection lag, the final horizontal and vertical de
flections will be 2.2 and 2.4 in. respectively. 

The circumferential load per lineal foot, T, can be determined from Figure 5c by 
noting that the maximum value of T/Rpv for Pv/M = 0.035 is 1.11; accordingly, the 
maximum circumferential thrust in the culvert ring is 

T = 2.5 x 2,700 x 1.11 = 6,920 lb/ft 

In computing a horizontal culvert deformation of 2.68 in., Spangler (13) selected the 
following values for the parameters used in his equations: (a) the settlement ratio, r sd' 
is O; (b) the modulus of soil reaction., E', is 700 psi; (c) the bedding factor, K, is 
0.102; (d) the load coefficient, Cc, is 4; and (e) the deflection lag factor, DL, is 1.25. 
By compuison, the use of the spring analog model involves the following assumptions: 
(a) the soil in the vicinity of the culvert and that in the adjacent embankment is reason
ably homogeneous; (b) a good correlation exists between compacted dry density and 
confined modulus of the soil; (c) the laboratory consolidation test is representative of 
the field of compression characteristics; (d) the coefficient of earth pressure at rest is 
0.5; and (e) the analogy between the culvert in the ground and the spring model is valid. 



Performance of an Asphalt-Treated 
Drainage Blanket in a Flexible Pavement Section 
TRAVIS SMITH, RAYMOND FORSYTH, and WESLEY GRAY, 

Materials and Research Department, California Division of Highways 

This paper presents the results of a field evaluation of a two
layer highway drainage system on Route 299 between Arcata 
and Willow Creek in the northern coastal region of California. 
The experimental section consisted of 400 ft utilizing a two
layer drainage blanket, the top or drainage element of which 
was stabilized with asphalt, and 200 ft of a normal single-layer 
drainage blanket to serve as a control. The section was located 
in a through cut with numerous springs and seeps in a high
rainfall area. Data from field permeability tests indicated that 
the drainage capacity of the two-layer system was from three 
to nine times that of the standard underdrain section, whereas 
theory indicated a 23-to-1 ratio. Both sections effectively 
drained all subsurface water at the site through an unusually 
wet winter and spring. Only minor difficulties were encountered 
in the construction of the two-layer system, and these could 
probably have been eliminated by a modification in the grading 
of the filter element. 

•THE IMPORTANCE of surface and subsurface drainage of the highway structural sec
tion has been recognized since construction of the early Roman roads. In an attempt to 
alleviate unsatisfactory subsurface water conditions, the early British road builder, 
McAdam, used a layer of open-graded stone within the pavement section. 

The effects of the accumula tion of water from surface infiltration, a high water table, 
or capillary risehave beenwell documented in the literature. Some of the more impor
tant manifestations of this problem in a flexible pavement section include (a) negation 
of the load-spreading char acteristics of elements of the structural section; (b) asphalt 
stripping and pumping of fines into the intimate part of asphalt concrete mix, resulting 
in premature hardening; (c) ·excessive transient deflection resulting in early fatigue 
cracking; (d) contamination of the base and subbase layers by pumped fines, resulting 
in lowered stability; and (e) uplift of the surfacing. 

The problem of providing a drainage layer sufficiently permeable to remove excess 
water quickly and still fine enough to preclude contamination and thus clogging by fines 
was largely solved with the development of Terzaghi 's filter criteria (1) with subsequent 
modification by others (2, 3, 4) . This practice has been developed to a high deg1·ee in 
earth-dam construction;- where in some i nstances up to five layers of graded materials 
are employed for filtration and drainage. 

The use of a separate filtration layer for roadway structural section drainage has, 
however, failed to gain wide acceptance, presumably because of cost, complexity, and 
the difficulties i nher en in placing and compacting the open-graded drainage layer. 
Another factor undoubtedly has been a failure to recognize and take into account hydrau
lic characteristics of varying gradations of permeable material. The California Divi
sion of Highways, in common with many other highway agencies, has sought to solve the 
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TABLE 1 

DRAINAGE AGGREGATES USED BY THE CALIFORNIA DIVISION OF HIGHWAYS 

Year of Percent Passing 

Specs. 6 in. 2½ in. 2 in. 1½ in. ¾ in. No. 4 No. 8 No . 30 No. 50 No. 200 

1927 100 0 
1940 100 0 
1945 100 40-100 15-50 5-30 0-5 0-2 
1949 100 40-100 15-50 5-30 0-5 0-2 
1954 Type A 100 80-100 60-90 20-50 10-25 0-4 

Type B 100 90-100 55-85 35-65 15-35 10-25 0-3 
Type C 100 80-100 60-95 35-65 25-50 5-25 0-3 

1960 Type A 90-100 
Type B 100 90-100 45-65 
Type C 100 90-100 60-80 40-60 
-No. 4 100 65-90 20-40 8-16 0-2 

1964 and 
1969 Cl. 1 

Type A 100 0-55 0-10 0-3 
Type B 100 85-100 50-100 0-25 0-5 0-3 
Cl. 2 90-100 25-40 18-33 5-15 0-7 0-3 

problem of supsurface drainage with a single drainage layer. Table 1 gives the trends 
in California specifications for permeable materials through the years. Before 1945, 
subsurface drainage consisted of a coarse grading of from 1 to 6 in. in size. This ma
terial was used for "French drains" and produced a high degree of permeability. These 
drains were initially successful, but in many instances they became clogged and thus 
ineffective within the design life of the roadway. In 1945, to achieve some degree of 
filtration, a graded aggregate of from 2½ in. to the No. 200 sieve was specified. In 
1954, three classes of permeable material were established. Class A was fine-graded 
material¾ in. and finer in size, Class B was graded from 11/2 in. maximum, and Class 
C was from 2½ in. maximum. These grading requirements resulted in the use of ma
terials that were undoubtedly only slightly more permeable than the water-bearing 
native soils they were to drain. 

Recognizing the critical effect of gradation on drainage capacity, the Division included 
a rather restrictive permeable grading specification in the 1960 specifications. The 
difficulty in attaining this specification using conventional aggregate processing equip
ment resulted in a relatively expensive product. In 1964, based on the results of a large 
number of laboratory permeability tests, a new series of gradings was adopted. These 
gradings were two to three times as permeable as the 1960 material and at the same 
time somewhat easier to manufacture because the gradation consisted simply of a stan
dard undersanded concrete aggregate. This undersanded permeable material is still 
included in the standard specifications and is probably as effective a "universal" perme
able material as is practically possible. Even so, natural segregation resulting from 
under sanding has resulted in wide variations in permeability. 

One of the early proponents of two-layer subsurface drains in highway construction 
was W. R. Lovering, who, as a District Materials Engineer for the California Division 
of Highways, had many occasions to observe the results of inadequate or clogged drains 
through the wet cuts common to northwestern California. In 1960, Lovering made spe
cific proposals for the employment of two-layer subdrainage systems in highways (5). 
Recogni.Zi.ng the difficulties inherent in the construction of a firm working table using· 
the one-sized aggregates necessary for the drainage layer, Cedergren and Lovering 
proposed in 1962 the use of a lean asphalt mix of coarse one-sized material for the 
drainage layer (6). They reported the effect onpermeabilityoftreatmentofopen-graded 
aggregate with :i-percent asphalt. These data revealed that the presence of asphalt 
bil1der did not significantly lower the permeability of the drainage layer. It was also 
pointed out that, although the cost per ton of an asphalt-treated mix would be higher than 
the cost of untreated aggregate, an overall reduction in cost was possible as a result of 
the thinner drainage layer resulting from the greatly increased permeability. This was 
convincingly demonstrated with specific design examples in the concluding section of the 
paper. 
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THE KNEELAND ROAD PROJECT 

In 1967, a two-layer graded structural section drain using asphalt-treated drain rock 
was placed in an experimental project in Humboldt County in the north coastal area of 
California. The results of this project were r epor ted in s ome detail by Ceder gren and 
Lovering in 1968 (7). The soils in this area of heavy rainfall (40 to 80 in. per year ) con
sist of faulted and folded sedimentary deposits. Numer ous spri ng areas along existing 
cut bank faces can be observed during the winter and spring s easons. The original pave 
ment, built with a drainage blanket to control s ubs urface seepage, failed because of in
adequate drainage capacity. The two-layer drain that was designed and built by Humboldt 
County crews consisted of a 0.33-ft and a 0.66-ft open-graded AC drainage layer. The 
locality and size of the project necessitated use of local materials. The filter material, 
therefore, contained more fines than would normally have been desirable but still ful
filled primary filter criteria. The drainage layer consisted of aggregate from the No. 
4 (coarse) bin of an asphalt plant mixed with 2 percent of 85-100 penetr ation paving as
phalt. The top lift of the asphalt-treated dr~linage layer was uncompacted except for 
the compaction provided by the paving machine. After a 1-day curing period, however, 
the surface could not be visibly defor med by t he wheels of a loaded truck, which graphi
cally demonstrated the stabilizing effect of the asphalt. Although a quantitative evalua
tion of the drainage capacity of the system was not attempted, several hundred gallons 
of water from a water truck applied to the sur face of the asphalt-treated drainage layer 
were absorbed immediately . A heavy flow from the cross drain pipe was noted within 
2 to 3 minutes. This proj ect thus pr ovided a qualitative i ndication of the high capacity 
of a layered drainage sys tem and, more importantly, indicated that construction would 
present no real problems. 

TEST SECTION ON ROUTE 299 

The apparently successful two-layer subsurface drainage system installed at Knee
land Road in Humboldt County and the availability of a suitable site led to the construc
tion of a more extensive experimental test section by the Division in the fall of 1968 on 
Route 299 between Arcata and Willow Creek. The area selected for the test section was 
a through cut on a 6 percent grade. The roadway was an all -paved two-lane facility with 
a truck climbing lane on the right. Grading had been completed with construction of the 
structural section and paving was scheduled for 1969 or 1970. 

One particularly attractive aspect of this location was that it was to be constructed 
in its entirety by state day-labor forces, which permitted a high degree of flexibility 

and excellent control of construction with 
adequate time for the necessary instru

Figure 1. Natural spring (wet area) in roadbed prior 
to paving. 

mentation and evaluation. 
The cut material consisted of crushed 

meta.shale and sandstone of the franciscan 
formation. Annual rainfall for the 5-year 
period 1963 to 1968 averaged 69 .2 in. Ex
amination of the site in the spring of 1968 
subsequent to completion of the cut re
vealed numerous spri ngs (Fig. 1), the larg
est of which was located at the cut bank on 
the uphill or left side of the roadway. The 
locations of active springs and moist spots 
visible on the prepared subgrade are shown 
in Figure 2, a plan of the experimental 
section. 

The 600-ft experimental section was 
eventually divided into two subsections. 
From station 485 to station 489 the two
layer subdrain was installed, consisting of 
0.3 ft of standard Class 2 permeable ma
terial for filtration and 0.4 ft of asphalt-
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treated permeable material for drainage. The control section (station 489 to 491) con
sisted of a single layer of standard Class 2 pe1·meable material, 0. 7 ft thick (Fig. 3). 
Eight-in. diameter PMP longitudinal collector _pipes were placed along both shoulders. 
Based on the results of laboratory permeability tests on the asphalt-treated permeable 
material of several thousand feet per day reported by Cedergren and Lovering (6), a 
rational design of the underdrainage system was conside1·ed unnecessary. The capacity 
of even 0.2 ft of uncontaminated asphalt-treated permeable material was calculated to 
be up to 100 times greater than the seepage capacity of the basement soil, even assuming 
a 5-ft head and a relatively high basement permeability value of 0.01 ft per day. Thus, 
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0.4 ft of asphalt-treated permeable material was selected to allow for inevitable varia
tions in thickness as a result of the construction operation and a certain amount of con
tamination by the filter material and the overlying aggregate subbase material. Simi-, 
larly, a 0. 7 -ft single drainage layer in the control section was selected simply to permit 
a direct comparison of the two systems. 

Based on a representative basement soil grading curve and the calculations shown in 
Figure 4, it was concluded that the standard Class 2 permeable material would serve 
satisfactorily as a filter for the two-layer system, as well as for the single dl•ainage 
layer for the control section. This dual use of Class 2 permeable material simplified 
the construction operation considerably. 

Drainage materials were obtained from local commercial solll·ces i n the Arcata ai·ea, 
25 miles from the site. The gradings of inclividual s amples of Class 2 permeable ma 
terial taken during construction superimposed on the specification limits .u·e shown in 
Figure 5. These plots show general compliance with specifications with a tendency to 
be slightly coarse in the No. 16 to ¾-in . sieve sizes. The grading curves of samples 
taken subsequent to construction during the coring operation are shown in Figure 6. 
Again, these show general compliance, with one of the four samples on the fine side of 
the specification grading curve. 

The aggregate used for the asphalt - treated permeable material was a relatively uni
form ¾in.to No . 4 size material, a s shown in Figures 7 and 8, the grading CUl'Ves of 
individual samples taken during and after construction. Significant breakdown die\ not 
occur as a result of the construction operation. The asphalt-treated permeable mate
rial was plant-mixed, using the design asphalt content of 2 percent 85- 100 penetration 
asphalt. Placement was made in two lifts of 0.2 ft each . The haul distance was 25 
miles. Air temperatures ranged fr om 60 to 74 F during placement. Upon delivery, 
mix temperature vai•ied from 215 to 250 F. No problems were encountered in putting 
the asphalt- treated permeable material through the paver at these temperatures. The 
placement of tbe initial lift of asphalt-tr eated permeable material over the Class 2 per
meable filter blanket in its uncompacted state did present some difficulties because of 
the relatively clean cohesionless nature of the Class 2 permeable material. The ten
dency toward rutting and displacement within the filter blanket required continual ad
justment of the paver in orde1· to maintain a r elatively uniform thickness. Placement 
of the final asphalt-treated permeable lift proceeded smoothly. 
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Displacement of the asphalt-treated permeable material (Fig. 9a) shortly after place
ment by loaded trucks was approx:lmately %. in., compared to displacement of up to 4 in. 
on the untreated permeable material (Fig . 9b). After initial set, no measurable dis
placement was observed in the a.sphalt-treated permeable material by construction 
equipment. On future projects, it may be desirable to construct the filter layer using 
permeable material of somewhat lesser quality-i. e ., a higher percentage of fines-and 
a greater compactive effort in order to construct a working table more suitable for the 
paving operation . As indicated by the filter criteria (Fig. 4), basement soil conditions 
at this site would have permitted a much lower quality filter layer, because it need only 
be as permeable as the native soil to function effectively. 
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Figure 9. Displacement caused by loaded trucks in (a) asphalt-treated permeable material and (bl untreated 
permeable material. 

To obtain a field measurement of the relative drainage capacities of the underdrain 
sections, six "artificial springs" were installed, three in each section. These devices 
consisted of standard 2-in. pipe elbows welded to a steel base plate (Fig. 10) . To pre
vent clogging, the outlet ends were covered with a 200-mesh screen reinforced with a 
No. 4 screen. These units were then connected to 1-in. plastic tubing that was extended 
to the shoulder. In the roadway the tubing was buried in a small trench to prevent con
striction by construction equipment, with the outlet ends placed directly at the bottom 
of the Class 2 permeable material layer (Fig. 11). The relative positions of these de
vices are shown schematically in Figure 3. Upon completion of the structural section 
in September 1968, field permeability tests were run at each of the six test locations. 
At each location a constant head was main-
tained, with water being introduced into 
the structural section until a steady-state 
flow condition was reached. At this point 
the time required for the introduction of 5 
gallons of water was recorded. 

In the initial series of tests, some of 
the artificial springs were found to be in
operative. Effor ts to unplug the malfunc
tioning devices included probing of the 
1-in . plastic tubing fr om the outret and ap
plication of water under high p r essUI·e . 

Figure 10. Artificial spring ready for installation . Figure 11. Installed artificial spring. 
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Although these efforts appeared to be partially successful, two of the t}lree springs in
stalled in the two-layer system remained inoperable. It appeared that the 200-mesh 
screen at the outlet end was clogged, so a solution of nitric acid was introduced into all 
s:ix systems. This technique successfully unplugged all springs. 

Subsequent permeability tests revealed a relatively uniform capacity under 7 ft of 
head, which led to the conclusion that the drainage capacity of both underdrain systems 
exceeded the capabilities of the artificial spring systems to introduce water. A valid 
comparison using these devices was therefore not possible . 

CONSTANT-HEAD FIELD PERMEABILITY TESTS 

In a further attempt to measure the relative drainage capacities of the two under
drain systems, a constant-head permeability apparatus of substantially higher capacity 
was designed and fabricated. A schematic diagram of the device and its installation is 
shown in Figure 12. Figure 13 is a photograph of an actual test installation. 

The device consisted of an inner and outer casing, differing in radius by 0.3 ft. The 
device was installed in the two-layer syste)D by projecting the inner cylinder into the 
Class 2 permeable filter layer approximately 1 in. The outer cylinder was placed di
rectly on top of the filter material, and the area between the two cylinders was sealed 
with bentonite. The pw·pose of this arrangement was to ensure that the water introduced 
into the two-layer system would be forced to travel a minimum of 0.3 ft through the 
Class 2 permeable material before reaching the asphalt-treated drainage layer, so as 
to permit a reasonable comparison between the two types of underdrains. In the control 
section, water was introduced into the Class 2 permeable material at mid-layer. This 
test was carried out in the seven locations shown in Figure 2. 

As with the artificial springs, water under a constant head was introduced at each 
test site until a steady-state flow condition was reached. Thereafter, the quantity of 
water introduced into the system per unit of time was measured. The data resulting 
from these tests are given in Table 2. In the two-layer system, capacity ranged from 
4.8 to 16.2 gallons per minute, averaging 9.0 gallons per minute. In the control or 
single-layer system, capacity ranged from 0.90 to 6.6 gallons per minute, averaging 
2.8 gallons per minute. Based on these figures, the two-layer system had a capacity 
of approximately 3.2 times that of the single-layer system. Disregarding the 

Inner Cosing 
Stand Pipe 03

1 
I 0.- -

l 
Overflow 

43• 
Conslcnt 

Head 

Figure 12. Constant-head field permeability 
apparatus. 

Figure 13. Installed constant-head field permeability 
apparatus. 
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TABLE 2 

CONSTANT-HEAD FIELD PERMEABILITY TEST DATA 

Permeability (gal/ min) at 

Station 43-in. Constant Head 

Asph. Perm . Two-Layer Control 

485 •· 65 7.20 
486 + 90 33.00 7.80 
487 + 90 31.80 16 .20 

488 + 50 4.80 

489 + 40 1.02a 
489 + 85 0.90a 
490 + 50 6.60 

Aver~e 32.40 9.00 2.84a 

a Average of low values 0 .96. 

Remarks 

Incomplete excavation 
through asph. perm. 

4 ft from artificial 
spring 

4 ft from artificial 
spring-probabiy 
piping 

disproportionately high rate of 6 .60 gallons per minute in tlle control section installation 
at station 490 + 50, the capacity ratio increased to approximately 9.4, which probably 
more accurately reflects the real capacities of the two systems. Elimination of the 
high reading is probably justifiable by the fact that this location was within 4 ft of an ar
tificial spring, where the introduction of water under high pressui-es an,d the application 
of nitric acid may have disturbed the drainage characteristics in the immediate area. 

The constant-head test applied directly to the asphalt-treated permeable material 
1·esulted in flows of 31.8 and 33.0 gallons per minute, indicating an in situ capacity of 
the asphalt-t.reated permeable material of either 11.4 or 33.8 times that of the standard 
permeable material, depending on the control section value selected for comparison. 

TABLE 3 

RESULTS OF THICKNESS, IN-PLACE MOISTURE, AND DENSITY MEASUREMENTS 

Core 
No. 

T ,nr~tinn 

la 15 .5 ft right of station 
488 + 50 

2 10 ft right of station 
490 + 00 

3a 9 ft right of station 
388 + 94 

4a 18 ft right of station 
486 + 67 

5 Centerline, station 
488 + 50 

6 4 ft left of s talion 
489 + 60 

7 Centerline, station 
486 + 04 

aPreviously mapped spring areas, 

Depth 
(ft) 

0.37-1.29 
1.29-1.70 
1.70-2.02 
2 .02-2 .25 

0.38-1.36 
1.36-2.21 
2.21-2.50 

0.44-1.15 
1.15-1.67 
1.67-2.07 
2.07-2.35 

0.37-1.37 
1.37-1.73 
1.73-1.89 
1.89-2.15 

0.40-1.34 
1.34-1.81 
1.81-2.05 
2 .05-2.30 

0.37-1.38 
1.38-2.08 
2.08-2.35 

0.35-1.60 
1.60-1.87 
1.87-2.13 
2.13-2.40 

Ma~ur :.aI 

Aggregate base 
Asphalt-treated permeable 
Class 2 permeable 
Basement soil 

Aggregate base 
Class 2 permeable 
Basement soil 

Aggregate base 
Asphalt-treated permeable 
Class 2 permeable 
Basement soil 

Aggregate base 
Asphalt-treated permeable 
Class 2 permeable 
Basement soil 

Aggregate base 
Asphalt-treated permeable 
Class 2 permeable 
Basement soil 

Aggregate base 
Class 2 permeable 
Basement soil 

Aggregate base 
Asphalt-treated permeable 
Class 2 permeable 
Basement soil 

Densitv 
(lb/ ft ' i 

146 .5 
134 
126 

131 

138 

Moisture 
Cnnt~ t 
(percent 
dry wt) 

5.7 
1.5 
2.8 

10.5 

5.0 
3.2 
9.1 

5.4 
1.3 
2.1 

12.2 

5.0 
1.7 
2.9 

11.8 

5 .5 
1.9 
2.6 

10.6 

4.5 
2 .3 

13.8 

5.2 
2 .6 
2.7 

12 .3 



CORING 

In May 1969, at the conclusion of an 
unusually wet winter and spring, seven 
locations on the experimental section 
as shown in Figure 2 were cored. Of 
particular interest were the moisture 
contents of the various elements in the 
previously mapped natural spring 
areas. In addition to moisture sam -
ples, bulk samples were taken fo1· 
grading and laboratory permeability 
tests. At three locations, 8- by 8-in. 
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Figure 14. Results of laboratory constant-head permeability 
test. 

chunks of the asphalt-treated pe1·meable material were removed from density measure
ments, asphalt content detennination, and laboratory permeability testing. 

The results of laboratory tests on the recovered samples are given in Table 3 and 
shown in Figure 14. These data plus visual observations during the coring operation 
indicate that both types of subdrainage systems functioned effectively through the winter 
and spring. A comparison of basement soil moisture contents, even in samples taken 
at the previously mapped spring areas, did not show a significant variation. Nothing 
approaching a satu1·ated condition was observed. A possible reason for the effective
ness of both subdrainage systems is indicated by the results of a laboratory constant
head permeability test (Calif. test No. 220-B) on composite samples of the Class 2 per
meable material shown in Figure 14. The laboratory specimen compacted to field 
density was found to have a permeability of 200 ft per day. Based on past experience, 
this is considered to be an unusually high permeability for this type of material, pos
sibly the result of careful handling, effective quality control, low degradability, and the 
absence of compaction by either rolling or traffic. 

The results of the same laboratory permeability tests on asphalt-treated core speci
mens varied from 3,000 to 22,000 ft per day (Table 4). These values are not surpris
ing, based on past observations and tests with this type of material. Examination of 
these cores revealed virtually no contamination by the underlying Class 2 permeable 
material or overlying Class 2 aggregate subbase. 

ANALYSIS OF DATA 

Because one of the primary objectives of this project was a direct comparison of the 
drainage capacities of a conventional single-layer permeable blanket and a two-layer 
system, a logical beginning requires a comparison of their capacities based on theory. 
When one applies Darcy's Law (Q = kia), it becomes 1·eadily apparent that, all other 
things being equal, the cross-sectional area of the Class 2 permeable material in either 
system is a controlling factor, because the permeability of the Class 2 material is many 
times less than that of the asphalt-treated material and, in both systems, the drain water 
must pass through Class 2 material. In the case of the two-layer system, the drain 
water can pass upward thxough the underlying Class 2 permeable material layer into 
the asphalt-treated layer to be quickly drained out through that layer at any spot under 
the surface of the roadway. Thus, the effective drainage area of Class 2 material in a 

TABLE 4 

RESULTS OF LABORATORY TESTS ON 
ASPHALT-TREATED PERMEABLE SAMPLES 

Core No . Percent Asphalt 
Laboratory 

Permeability 
(ft/ day) 

2. 1 3,000 

1.8 

4 1.6 22,000 

two-layer system is the entire surface area 
of the roadway. If, however, one considers 
a single-layer system consisting of Class 2 
permeable material, any drain water en
teri ng the permeable material must be car
l'ied all the way to the drainage outlet in 
that material. Thus the effective area per 
unit length, instead of being the width of 
tile roadway as in the two-layer case, be
comes the thickness of the permeable layer. 
For the project under consideration, there
fore, the theoretical relationship between 
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the drainage capacities of the two systems would be 

16 
0.7 = 22.9 

where the numerator is half the width of the structural section (2-layer system) and the 
denominator is the thickness of the permeable material (1-layer system). 

Based on the limited data available from the constant-head field permeability tests, 
the drainage capacity of the two-layer system was found to vary from three to nine 
times that of the single-layer system. These values, although substantially less than 
that indicated by theory, still show a very substantial increase in drainage capacity 
through use of the two-layer system. 

A cost comparison of the two systems was not made because the project was not con
sidered representative in terms of size and accessibility. In addition, overall thickness 
of both systems was the same, which would not be the case bad rational design criteria 
been employed. There is little doubt, however, that in terms of cost per unit of drain
age capacity, the two-layer system would be the more economical by several orders of 
magnitude. 

SUMMARY AND CONCLUSIONS 

Because of the inconsistent performance of single-layer subsurface pavement drain
age systems, the desirability of a two-layer system for highway construction has been 
recognized for several years. Stabilization of the drainage layel· with 1 to 2 percent 
asphalt appears to have eliminated the problem of excessive displacement in rutting of 
the drainage layer during placement of overlying elements of the structural section. 
Construction of a two-layer system using ru1 asphalt-stabilized drainage layer on a por
tion of Kneeland Road in Humboldt County indicated that this type of system has an un
usually high drainage capacity aud that it can be constructed with conventional equipment. 

Results from the experimental section on Route 299, which included both a two-layer 
drainage system using asphalt-stabilized Jlermeable material and a conventional one
layer system, may be summarized as follows: 

1. Both the one- and two -layer systems we1·e completely effective in 1·emoval of 
subsurface water during the unusually wet 1968-1969 winter and spring seasons. 

2. The Class 2 pei-meable material that was used as the filter on the two-layer sys
tem am.l as the drainage element for the one-layer system was found to be highly per
meable, as indicated by both field and laboratory tests. 

3. Although theory indicated that the two-layer system had approximately 23 times 
the drainage capacity of the single-laye1· system, the results of constant-head field per
meability tests revealed tJ1at the two-layer system had from three to nine times the ch-ain
age capacity of the single-layer system. Similarly, these tests indicated that the asphalt
treated material was either 11 or 34 times as pe1·meable as the standard Class 2 per
meable material. 

4. Placement of the asphalt-treated permeable material over the filter layer was 
somewhat difficult because of rutting and displacement of the filter layer. This indi
cates that an increase in the fines, the addition of water, and some compactive effort 
may be desirable for the construction of a two-layer system, even at the cost of lower 
filter blanket permeability, providing that filter criteria are still met. 

5. In terms of cost per unit of drainage capacity, the two-layer system on the proj-' 
ect was more economical by several orders of magnitude. 
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Classification and Engineering Properties of 
Lateritic Materials 
B. A. VALLERGA and C. J. VANTIL, 

Materials Research and Development, Inc., and Woodward-Clyde and Associates 

The results of a 2-year study of laterites and lateritic soils in 
Southeast Asia are presented. Included is an engineering defi-
nition of various types of lateritic materials together with a 
recommended classification system that is an extension of the 
Unified Classification System. Appropriate symbols represent-
ing the durability characteristics of lateritic gravels and sands 
and the degree of plasticity of their fines are included with sug-
gested test procedures. A pavement evaluation study was con-
ducted on 101 test sections on the Thailand road system. The 
experiment design included the variables of subgrade strength, 
rainfall, drainage, and traffic loading. Base and subbase 
courses of both lateritic and nonlateritic materials were in-
cluded in the study. Field and laboratory tests were pro
grammed to obtain data for relating engineering properties of 
lateritic materials to observed performance. An equation re-
lating engineering properties of materials to pavement geometry 
is presented. 

•MUCH HAS BEEN WRITTEN about the unusual nature of laterites and lateritic soils 
by the laterization process in tropical areas of high rainfall. In reviewing this wealth 
of literature, however, the authors found that available information and data dealing 
with the engineering properties of lateritic materials are extremely limited (1, 2). 
Moreover, what is available is very poorly identified with any specific definition -of the 
various types of lateritic materials. 

Consequently, as part of a research study on laterites and lateritic soils sponsored 
jointly by the U.S. Agency for International Development and the Royal Thailand De
partment of Highways, an effor t was made t o obtain engineering information and data 
that would prove both useful to the project and of value to other individuals and agencies 
that use such materials in civil engineering works. In essence, the types of data and 
information sought were as follows: 

1. Engineering properties of definable (i.e., by a suitable classification system) 
materials, 

2. Test methods and procedures to measure them, and 
3. Some indication as to how these engineering properties are related to the behavior 

of lateritic materials in an engineering structure (e.g., pavement section). 

This paper presents a summary of the investigations carried out principally in Thai
land to determine the engineering properties of lateritic materials found in Southeast 
Asia. Although the study was oriented primarily toward roads and highways, the au
thors feel that the findings have wide applicability. 

Paper sponsored by Committee on Soil and Rock Properties and presented at the 49th Annual Meeting. 
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DEFINITION OF LATERITIC MATERIALS 

Before proceeding, it is essential that the materials under discussion be clearly de
fined to avoid confusion and misunderstanding. The lateritic materials discussed in this 
paper are of three different and distinct types: laterite, plinthite, and lateritic soil. 
Based on more than 2 years of study and continuous contact with investigators from var
ious disciplines who are constantly working with lateritic materials, the following defi
nitions have been formulated for each type: 

1. Laterite is a hardened material formed either by the primary (i.e., sesquioxides 
present in parent material) weathering of nontransported soils or by the secondary (i.e., 
sesquioxide supplied by lateral groundwater movement) enrichment and cementation of 
transported or nontransported soils. ln chemical and mineral composition laterite is 
rich in the sesquioxides of aluminum and iron and is nearly void of bases and primary 
silicates, but it may contain large amounts of quartz and kaolinite. In physical composi
tion laterite occurs as a hardened aggregate in any combination of four principal forms: 
(a) consolidated pisolithic masses; (b) unconsolidated pisolites (concretions) in a soil 
matrix; (c) consolidated vesicular (worm hole) masses; and (d) cemented pre-existing 
materials, such as quartz, in pisolithic or vesicular structure. 

2. Plinthite is a nonhardened or poorly hardened material formed by incomplete 
laterization of soils similar in chemical and mineral composition to laterite. In physical 
composition plinthite may exist as a nonhardened soil of any type. It frequently occurs 
as poorly formed nodules in clay. It differs from laterite only in that it is not hardened 
but may harden to form late1•ite on exposure to wetting and drying. 

3. Lateritic soil is soil of any physical composition in which the majority, by weight, 
of the sample is composed of hardened laterite of any form. 

It is emphasized that these are engineering-oriented definitions that are not inconsistent 
with those used in other disciplines such as pedology, geology, and agriculture. Hence
forth in this paper, the terms laterite, plinthite, and lateritic soil are used in the sense 
of these definitions. As a group, they will be referred to as "lateritic materials". 

CLASSIFICATION OF LATERITIC MATERIALS 

There are a number of classification systems that have been specifically developed 
for lateritic materials. Because these systems are generally based on agricultural or 
mineralogical factors, they are not engineering classification systems and, hence, neither 
appropriate nor acceptable for engineering purposes. Of the engineering classification 
systems in common use for soils, the Unified Classification System was found to be the 
one most readily adaptable to lateritic materials when extended to include subclassifica
tions for the durability characteristics of gravel and sand, and for the plasticity char -
acteristics of the clay and silt fractions of gravels and sands. The wide range of plas
ticity encounte1·ed in fine-grained materials found in the lateritic gravels and sands of 
Southeast Asia is shown in Figure 1, which contains points representing over 400 soils. 

The relatively simple and direct extension of the Unified Classification System, 
given in Table 1, separates the various grades of lateritic materials as follows: 

1. Lateritic sands and gravel with more than 6 percent silt or clay fines would have 
the appropriate symbol as previously used with additional symbols to designate the de
gree of plasticity of the fines. For materials with more than 12 percent passing the 
No. 200 sieve, the addition of the symbols L, I, or H would indicate the plasticity of the 
fines-the presently used limiting values of liquid limit for Low (<35), Intermediate (35-
50 ), and High (>50) plasticity would still apply. Thus, the symbol GMI would classify 
a mate1•ial as a gravel with more than 12 percent passing the No. 200 sieve of inter
mediate plasticity; SCH would represent a sand with excess fines of high plasticity. For 
materials with more than 6 percent but less than 12 percent passing the No. 200 sieve, 
the addition of a double symbol such as ML, CH, or CI would be used. Thus, a GW /CI 
classification would be a well-graded gravel with between 6 and 12 percent clay of in
termediate plasticity; SP /ML would mean a poorly graded sand with 6 to 12 percent 
silt of low plasticity. 
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Figure 1. Plasticity characteristics for various lateritic soils in Southeast Asia. 

TABLE 1 

EXTENDED UNIFIED SOIL CLASSIFICATION SYSTEM 

Soundness Classification to be 
111!lde on J\ggf'egates if desired 

~ Grave1 or Rock gre!l.ter than 8 inches 

Gravel or Rock between 3 inches and O lnches 

~ravel or rock 
smaller than 3 11 

I 
in which the 
majority of the 
:i:1tterial ret&ioed 
on the II 200 
sieve is also 
r@ttJ;ined on the 
ll"sieve 

Mejority or the 
11:aterie.l retein~ 

~ 
on the If 200 
sieve pesses the 
/14 sieve 

N.,.Pl1U,\1( 

LL or 11inus 
1#10 material 
< 35 

~- --
i 

LL or ninus 
1/llO material 

~ 
35 tv 50 

LL or ciinus 
1¥'!0 material 
> 50 

! :o5'/, 
tl pflssing 
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2. Lateritic sands and gravels would also be classified into durability categories 
by the addition of a numerical symbol following the appropriate letter designations be
ginning with G or S discussed in paragraph 1. The proposed numerical symbol would 
designate high durability as (1), medium durability as (2), and low durability as (3). 
Durability is defined in this case by the California coarse (De) and fine (Dr) durability 
tests with the following criteria: 

Symbol 

(1) 

(2) 

(3) 

Range of De 
and Df Values 

>35 

20-35 

<20 

Remarks 

Generally sound aggregate, with adequate 
durability for use as a high-quality base 
course material in a major highway 

Moderately sound, with adequate durability 
for subbase material in a major high
way, or as a base course in a secondary 
highway 

Generally unsound, with durability only ad
equate for use as a subbase in a secon
dary highway or as select fill material 

Thus, for a GMI gravel having a coarse durability De value of 30, t he added numerical 
sym))ol would be (2), giving a final classification designation of GMI (2). Similarly, an 
SP/ML sand with a fine durability Df of 40 would carry the classification of SP/ML(l). 

Instructions for use of the Extended Unified Classification System are given in Ap
pendix A. 

ENGINEERING PROPERTIES 

In dealing with soils and granular materials in road construction, there are a num
ber of properties found to be useful in terms of their engineering significance (i. e ., 
indicative or predictive of a material's behavior in an engineered structure, both dur
ing construction and long-term). They may be grouped, along with some of the test 
methods or parameters advocated for their measurement, as follows: 

1. Physical composition and plasticity characteristics: (a) sieve analysis and 
hydrometer analysis; (b) liquid limit (LL), plastic limit (PL), and plasticity index (PI); 
(c) sand equivalent test; and (d) group index. 

2. Hardness and durability characteristics: (a) Los Angeles rattler (LAR) test; (b) 
California coarse durability (De) test; (c) California fine durability (Dr) test; (d) alter
nate wet-dry cycling; and (e) moistlll'e-vapor susceptibility (MVS) test. 

3. Strength characteristics: (a) California bearing ratio (CBR) test; (b) California 
resistance value (R) test; (c) static trirudal compression test; (d) cyclic triaxial com
pression test, from which a modulus of resiliency (Mr) may be determined; (e) flexure 
beam test, from which bending and fatigue characteristics may be developed for bound 
materials (e.g., cement- and asphalt-treated base courses); (f)cohesiometer value (C) 
test; and (g) stabilometer value (S) test. 

4. Moisture-density and permeability characteristics: (a) compaction tests of var
ious types; (b) permeability tests of various types; and (c) swell test. 

Regardless of the purported differences between lateritic and other materials, an 
attempt was first made to be purely objective and to handle lateritic materials like any 
other soil or aggregate used in road construction. It was reasoned that differences in 
mode of formation, color, mineralogic composition, and the like did not necessarily 
mean wide differences in engineering properties beyond the scope of presently used 
test methods and criteria. After all, the soils and aggregates now used in road con
struction throughout the world are quite diverse, and properties found to be desirable 
for an end use in one are generally desirable in another. Moreover, engineering criteria 
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established as necessary to provide certain levels of performance for one aggregate 
are generally just as valid for another. 

On this premise, it was decided to accumulate engineering test data and performance 
information on lateritic materials by means of (a) a pavement evaluation study, (b) a durabil
ity study, (c) stabilization studies, and (d) a dynamic study. Details on all of these studies 
are given elsewhere (1). In the following sections of this paper the findings of three of 
these studies are presented. The results of the durability study are not given here be
cause they have been reported separately by J. A. Shuster (3) who conducted the study 
at the laboratory facilities of the Thailand Deputment of Highways in Bangkok. 

PAVEMENT EVALUATION STUDY 

The pavement evaluation study was undertaken in Thailand for the purpose of evaluat
ing present pavement design procedures and standards and to develop, if appropriate, 
an alternate pavement design method. Another objective was to evaluate the behavior 
of lateritic materials used in road construction for correlation with laboratory deter
minations of their engineering properties. The 101 test sections on the Thailand road 
system, each 100 meters long, included lateritic materials as base and subbase courses. 

The principal factorial of the experiment design included the four factors of sub
grade type, subbase type, base type, and rainfall. Three levels of subgrade strength 
based on R-value test (good, >40; fair, 20 to 40; poor, <20); two levels of base and 
subbase types (lateritic and nonlateritic); and four levels of rainfall (low, <1,000 mm 
per year; medium, 1,000 to 1,500 mm per year; high, 1,500 to 2,500 mm per year; 
and very high, >2, 500 mm per year) were programmed in the test sections. An abridged 
factorial was used to introduce the factors of traffic loading and drainage . Tile following 
four levels of traffic were selected: light (DTN < 10), medium (DTN = 10 to 100), heavy 
(DTN = 100 to 250), and very heavy (DTN > 250). The two levels of drainage used were 
good and poor. The abridged factorial was conducted on the fair level of subgrade. 

Following the selection of uniform test sections that met the requirements of the ex
periment design, the following steps were taken: 

1. A field pavement condition survey was run by two experienced materials engi
neers to rate the relative performance of each of the test sections and their component 
layers. Construction and traffic data were taken into account in this rating system, and 
distortion, disintegration, and cracking modes of distress were noted. 

2. A deilectlon survey using the Benkeiman beam and an i8-kip axle loading was 
conducted on each test section. 

3. A field testing and sampling program was conducted at selected locations to ob
tain measurements of thickness and in situ density and water contents for each layer and 
the subgrade. Field CBR tests were run on the subgrade and some of the base course 
layers, and sack samples (20 kg) of each layer and subgrade material were taken to the 
laboratory for testing. Over 12,000 individual pieces of data were obtained concerning 
specific details of the 101 test sections. 

4. A laboratory program of testing was conducted on the samples, including sieve 
analysis (wash), hydrometer analysis, liquid limit and plasticity index, bar linear 
shrinkage, sand equivalent, R-value, and the California coarse (De) and fine (Df) dura
bility. Over 4,000 individual laboratory tests were performed on materials from the 
test sections. 

Some of the results obtained are shown in Figures 2, 3, 4, and 5. Figure 2 shows 
the relationship obtained between measured pavement deflection under an 18-kip axle 
load and performance as determined during the field condition survey. An excellent 
correlation was found for varying traffic index, expressed by the formula 

D s: t·l (TI - 36.5) an 1 n _7 _9 
where 

D = deflection in 0.001 in. under 18-kip axle load, and 
TI = traffix index. 

(1) 
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Figu1·es 3, 4, and 5 show relationships between R-value and factors representing 
various combinations of size, amount, and plasticity of fines. It is evident from Figure 
5 that there is no correlation between R-value and group index. From Figures 3 and 
4 a broad relationship between the R-value and the percent passing the No. 200 sieve 
and plasticity of fines is evident. The relationship can be expressed in useful form by 
the following tabulation, where, if the product of the PI and the percent passing the No . 
200 sieve has the value given in the first column, there is a 70 percent probability that 
the R-value will be equal to or greater than the value given in the second column: 

Product of PI and Percent Passing No. 200 

15 

R-Value 

80 
20 
50 
80 

150 

70 
60 
50 
40 

One of the ways of evaluating the engineering data on material properties obtained 
in the pavement evaluation study was to utilize a relationship that correlates material 
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properties with structural geometries of known performance characteristics. Such a 
relationship is the equation 

where 

T = CDV 
s 

T = total pavement thickness = Tsurface + Tbase + Tsubbase; 
D = index of destructive effects of traffic (i.e., traffic index, TI); 
V = subgrade support factor (i.e., 100 - R); 
C = correlation coefficient and safety factor; 

as Ts + ab Tb + asb T sb 
S = composite equivalency factor - - -=---=:-------=~ - -- and 

Ts+ Tb + Tsb 

. R - 50 
a = anbln ----m-. 

(2) 

Equation 2 was solved for C using the T, S, D, and V terms for all of the test sections 
wi th deflections less than the maximum allowed by Eq . 1. These calculations indicate 
that the most p1·obable value for C was between 0.06 and 0.07 with 75 percent of the 
results less than 0.085. 
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A coefficient of 0.086 was selected and checked for con-elation regardless of deflec
tion. The results indicated that, in general, those sections With deflections higher than 
0.035 in. would be considered underdesigned. Thus the equation relating material prop
erties to pavement geometry becomes a thickness design equation having the form 

where 

T = 0.086 (TI) (100 - R) 
s 

T = thickness of pavement, in centimeters; 
TI = traffic index; 
R = resistance value; and 
S = composite equivalency factor as previously defined. 

STABILIZATION STUDIES 

(3) 

Studies on the stabilization of lateritic materials With cement, .lime, and asphalt (the 
most commonly used stabilization admixtures) have resulted in conflicting 1·esults, some 
indicating good potential and others showing little advantage. Thus a program of labo
ratory testing of lateritic materials with these admixtures was included in this study. 
The major portion of the p1·ogram was conducted on three aggregates-two lateritic ma
terials (aggregate 1 with a poor service record and aggi·eg-ate 6 with a good se1•vice rec
ord) and a siliceous gravel (aggregate 9) selected as a nonlateritic control aggregate. 
Some less extensive testing was done on other lateritic materials designated as aggre
gates 2, 31 4, 5, and 7. (Appendix B contains information and data on the characte1•is 
tics of the nine study aggregates.) 

The stabilizing admixtures used were cement, cement with lime, and asphalt of two 
types {a slow-setting emulsion and a rapid-cul"ing cutback). Cement contents varied 
from Oto 6 percent, 4 percent cement was used with 2 pei-cent lime, and asphalt con
tents ranged from 2 to 7 percent by weight of dry aggregate. 

Unconfined compressive strength was selected as the means of evaluating the effec
tiveness of the various levels of cement and cement-lime treatments. The.re were two 
series of tests based on different methods of curing. In one series the specimens were 
moist-cured and tested at ages from 3 clays to 1 year; in the other, the specimens we1·e 
tested aiter v ions numbers of wet-dry cycles up to 40 cycles (Fig. 6). 

w 
> 

"' "' w 
"' ._"' >: ._ 
0 

u ' 

8 ~ 
z z 

w 
~ ~ 
8 "' 
z 
:, 

AGGREGATE NO. l 

15Q O 

l 000 C
2C, OTHER 2C SPECIMENS 
O!SINTEGRATED 

, __ 

500 ,,~ ....... 

I ----~--:: 
. ...,. -·-·-·-

0+--f---+----+--

0 10 20 30 40 

NO. OF CYCLES 

K E Y: 

6\ CEMENT 

AGGREGATE NO. 6 

1500 "' 

r ' -I/,,.', ";::,-.._,,....,,,,,,,._,,,, 
1000 j ' •-. '--- ----~, ------~-

500 

10 20 30 40 

NO. OF CYCLES 

4\ CEMENT & 2\ LIME 

2% CEMENT 

AGGREGATE NO, 9 

15 00 

1000 

500 

10 20 30 40 

NO. OF CYCLES 

Figure 6. Results of compressive strength tests on cement and cement-lime stabilized specimens, wet-dry 
cycle series. 



61 

Tests selected to evaluate the soil stabilization with asphalt were Hveem stabilomet 
(S-value), moisture vapor susceptibility (MVS), Hveem cohesiometer (C-value), and 
permeability. Specimens were compacted with a California type kneading compactor 
and tested at 140 F. 

The principal findings of the stabilization studies were as follows: 

1. Cement is quite effective in improving the strength of all the lateritic materials 
tested, with compressive strengths increasing with increased cement content. 

2. Cement- lime combinations of equivalent dosage to cement alone did not produce 
any substantial differences in unconfined compressive strength. 

3. The cement and cement-lime specimens having the higher amounts of admixtures 
(6 percent) were less affected by 40 cycles of wetting and drying; some specimens with 
lower cement contents (2 pe1·cent) disintegrated under similar cycling (Fig. 6). 

4. Both the asphalt emulsion (SS - 1) and the asphalt cutback (RC-2) used were diffi
cult to mix with the lateritic materials used in the study; consequently, test results 
were quite variable, particularly after exposure to moisture. 

5. The laboratory data show no particular advantages or disadvantages in the use of 
asphalt stabilization, either with emulsified asphalt or cutback asphalt. 

DYNAMIC STUDY 

Although the major purpose of this study was to obtain some indication of the degra
dation effects of cyclic loading on lateritic gravels, some revealing data were obtained 
on the strength characteristics of typical lateritic gravels with widely varying proper -
ties. The degradation aspects of the study are repor ted elsewhere (3) and the strength 
properties in the following paragraphs. The aggregates used a.re described in detail in 
Appendix B. 

Table 2 giyes the results of cyclic triaxial testing of aggregates 1 and 6. The speci
mens were fabricated at optimum water content previously determined by modified 
AASHO compaction in a 2½- by 5-in. mold using the Harvard miniature compactor. The 
natural gradings of these two lateritic gravels were used. From Table 2 it is evident 
that the modulus of resilience, Mr, defined as the stress, a, divided by the recoverable 
strain, (r, increases with number of cycles applied for both lateritic gravels at any 
given stress level, with most of the increase occurring during the first 1,000 cycles. 
Allowing the specimens to saturate and determining Mr for a drained condition, there is 
a drop in Mr varying with principal stress ratio-the higher the ratio O\: a3, the lower 
the value of Mr. The data also show some sensitivity of Mr to stress level, but no 
specific trend is clearly defined. 

TABLE 2 

RESULTS OF NATURALLY GRADED SERIES 

Dr y Initial Final 
Modulus of Resilience (ksi) 

Test 
u/r,-;i ", Dens ity Moisture Moisture 

Alter Number of Cycles 
Condition (psi) (pc! ) (percent) (percent) 10 100 1,000 5,000 

Aggregate No. l 

Optimum water 1.5 30 115.0 30.0 42.8 45.5 47. 7 50.0 
content 3.0 60 115.7 15.4 36. 4 36. 4 38.4 40 ,0 41. 3 

6.0 30 115.5 15.6 35.0 35.7 35.7 37 .5 37 ,5 

Saturated 1.5 30 115.3 15.8 24.9 30.7 27. 3 33.4 30.0 30 .0 
3,0 60 115.3 15.7 24.3 18.5 18.5 25.3 30.0 30.0 
6.0 30 115.0 16. 2 27 .1 10 .0 10.7 15.0 17 .1 

Aggregate No . 6 

Optimum water 1. 5 30 140, 3 6.9 30 .0 30,0 30.0 33.3 40.0 
content 3.0 60 139.7 7 .3 34 .3 35.3 36.9 40 .6 40 .0 

6.0 30 139 .4 7.5 35.3 35.3 35.3 36.6 36.6 

Saturated 1.5 30 139.5 7.4 13.8 31.6 31.6 31.6 31. 6 
3.0 60 139.3 7.6 13.5 10 .9 10.9 23.3 28.3 30.8 
6.0 30 139.7 7 .3 14.7 5,8 6.8 
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TABLE 3 

RESULTS OF ARTIFICIALLY GRADED SERIES 

Precycllc Condi- Postcyclic Condi-

Friction Dry tions at Ultimate tions at Ultimate Modulus of Resilience (ks i) Change in 

Sample Angle , ~ Density Strength Strength After Number of Cycles 
Df D Modi!led 

(deg) (lb/It'} C Fineness 
Stress Strain Stress Strain 10 100 1,000 5,000 Modulus 
(lb/ft'} (percent) (lb/ ft') (percent) 

8 41 116 2,640 10.9 2,640 6.7 9.3 13.0 14.9 16.3 16.7 48 90 -0.005 

44 39 113 2,420 14.l 2,520 11.4 8.4 10.7 11.3 11.8 12.3 35 - -0.026 

6 38 118 2,220 8.4 2,260 8.0 9.3 9.7 11.5 12.3 12.7 35 50 -0.021 

47B 37 98 2,120 12.5 2,420 4.9 6.1 7.7 9.2 10.6 38 15 -0.210 

37 94 2,060 11.2 2,120 7.1 13.0 13.0 14.9 14.9 16.3 23 20 -0.262 

Table 3 gives the results of the cyclic triaxial testing of four lateritic gravels and 
one limestone gravel, all ru:tificially prepared to the same grading. These data show 
an increase in Mr with up to 5,000 cycles of loading for all five materials, with most 
of the increase occurring in the first 1,000 cycles. In all cyclic testing, the principal 
stress ratio was maintained at 2.5, with the minor principal stress held constant at 5 
psi. It is evident from Table 3 that the precyclic and postcyclic ultimate strengths 
were little affected by cycling; however, a marked decrease in values of strain at ulti
mate strength is obtained. It should be noted that these decreases in stress at ultimate 
strength appear to be quite independent of the widely different durability characteristics 
of the five materials tested. 

FINDINGS AND CONCLUSIONS 

The major thrust of the work reported here was toward the development and evalua
tion of information and data on the engineering properties of lateritic materials gen
erally found throughout Southeast Asia and particularly in Thailand. Following are 
listed some findings and conclusions that are considered Significant: 

1. The plasticity characteristics of lateritic soils from Southeast Asia vary over a 
wide range; when plotted on the Casagrande plasticity chart the points are found to be 
distributed approximately parallel to the A-line but on a somewhat flatter slope. 

2. A classification system has been devised for lateritic materials by extending the 
Unified Classification System to include symbols for defining the dw:ability characteris
tics of gravel and sand aggregate particles and the degree of plasticity of the fine
grained materials in the gx·avels and sands. 

3. A relationship was found to exist between the R-value of 145 samples of lateritic 
gravels from sources in Thailand and the amount and plasticity of the clay-silt fines. 
No correlation was found between R-value and group index. 

4. A relationship between pavement deflection measurements under an 18-kip axle 
loading and the performance of 101 test sections containing lateritic materials on the 
Thailand road system was found. 

5. An equation relating engineering properties of materials to pavement geometry 
has been developed that has been correlated with test results from an evaluation study 
of the performance of 101 test sections containing lateritic materials on the Thail3lld 
road system and with maximum deflection criteria. 

6. Stabilization of lateritic materials with either cement or cement-lime admixtures 
is effective. Criteria suggested for such stabilization are minimum unconfined com
pressive strength of 450 psi at 7 days, higher compressive strength at 28 days than at 
7 days, and higher compressive strength at both 7 and 28 days with increased percent 
of admixture. 

7. The results obtained from attempts to stabilize lateritic gravels with liquid as
phalts were inconclusive. Better mixing of the asphalt with the lateritic materials 
would likely improve the resistance of the treated materials to water action. 
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8. Cyclic loading in triaxial compression gives results suggesting that, all other 
factors remaining constant, repetition of traffic loadings early in the life of a newly con
sh·ucted pavement should increase the modulus of resiliency, Mr, of granular base 
courses with a corresponding decrease in deflection. 
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Appendix A 

INSTRUCTION FOR USE OF THE RECOMMENDED EXTENSION OF 
THE UNIFIED SOIL CLASSIFICATION SYSTEM 

The extended Unified Soil Classification system as recommended has the following 
groups: 

Main Soil Type Prefix 

Coarse-grained soils: Gravel G 
Sand S 

Fine-grained soils: Silt M 
Clay C 
Organic silts and clays 0 

Fibrous soils: Peat Pt 

Subdivision 

For coarse-grained soils: Well-graded, with little or no 
fines 

Poorly graded, with little or 
no fines 

Fines plastic and above the 
A-line 

Fines nonplastic or below the 
line 

Suffix 

w 

p 

C 

M 
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For fine-grained soils: 

For fibrous soils: 

Relatively incompressible 
(nonplastic) 

Low compressibility (LL < 35) 
Medium compressibility 

(LL = 35 to 50) 
High compressibility (LL > 50) 

No subdivisions 

SF 
L 

I 
H 

In the above scheme the terms used in describing the particle-size distribution of the 
coarse-grained soils have the following meanings: 

Well-graded-having a particle-size distribution extending evenly over a wide range of 
particle sizes, without excess or deficiency of any particular sizes. 

Poorly graded-having a particle-size distribution containing an excess o! s ome particle 
sizes and a deficiency of others. Uniformly graded soils having a particle-size dis
tribution extending over a very limited range of particle sizes (i.e., poorly graded 
but with an excess of only one small range of particle sizes and with a deficiency of 
all others) are also classified as poorly graded. 

The coarse-grained soils are classified mainly on the basis of their particle size 
analysis and their coefficients of uniformity Cu and curvature Cc; the fine-grained soils 
are classified on the basis of their plasticity characteristics with the aid of the plastic
ity chart shown; the fibrous soils are readily identified by visual examination. 

Because the suffixes L and H in the original system are inadequate for distinguish
ing the entil'e range of plasticity, particularly where there is a predominance of clays, 
the intermediate group I is introduced to cover part of the L range. 

Identification of Coarse-Grained Soils 

Identification of coarse-grained soils is based chiefly onparticle-size distribution. 
Although the predominant particle size is usually recognized quite easily, a particle-size 
analysis helps to distinguish between well-graded and poorly graded soils. 

The GW and SW soils are well-graded gravelly and sandy soils that have little or no 
fines - Le., less than 5 pe1·cent passing the No. 200 sieve. The uniformity coefficient 
should be greater than 4 for gi·av&ls and greater than 6 for sands. The coefficient of 
curvature should be between 1 and 3. The coefficient of uniformity Cu = D6/D10• The 
coefficient of curvature Cc = (D30}

2 /(D10 D00}, where, for example, D30 refers to the par
ticle diameter corresponding to 30 percent passing on the grading curve. 

The GP and SP soils are poorly gi·aded and contain little or no fines. 
The GC, SC, GM, ru)d SM groups include all coarse-grained soils that contain excess 

fines (more than 12 percent passing the No. 200 sieve, whether silty or clayey). If the 
fines are plastic and the Atterberg limits plot above the A- line, the symbol C is used. If 
the fines are nonplastic or the Atterberg limits plot below the A-line, the SF or M sym
bol is used . The latter symbols L, I, and H are added to indicate degree of plasticity 
(e.g., GCH, SM!, GML). 

Coarse-grained soils with 5 to 12 percent passing the No . 200 sieve are given a dual 
symbol based on grading and plasticity (e.g., GW / CL, SP/MI). 

The numerical symbols (1), (2), and (3) denoting relative durability may be attached 
as a suffix, if desired, to any set of classification symbols, and particularly where re
peated loading may cause particle disintegration-e. g., GCH(3), SMI(l), GML(2), 
GW /CL(2}, SP/MI(l). The criteria for the numerical designations of degree of dura
bility are given in the paper. 
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Appendix B 

AGGREGATES FOR SPECIAL LATERITIC GRAVEL STUDIES 

Initially lateritic gravels were tested from throughout Thailand to locate sources of 
material that provided the widest possible range of properties, particularly resistance 
to degradation by abrasion, wetting and drying, compaction, and alkaline effects. Seven 
sources were selected with general characteristics ranging from very good to very 
poor. Large samples (as much as 800 kg) were obtained from these sources for testing 
during the main test program. A good petrographically homogeneous limestone and a 
siliceous river gravel were also obtained for simultaneous control testing. 

The selection of the lateritic gravel sources was principally predicated on the dura
bility of the concretions and the Atterberg limits of the associated soil. The range of 
the materials selected is shown schematically in Figure 7. The test aggregates were 
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Figure 7. Durability and liquid limit range for selected special 
test aggregates. 

assigned numbers to facilitate reference. Identification and a brief description of these 
materials follows. 

Special Aggregate Description and Preparation 

Aggregate 
No. 

1 

2 

Source 

22 km south of Chok Chai, 
KllQrat Plateau 

7 km east of Saraburi, 
Bangkok Plain 

Visual Description 

Lateritic gravel from a gray podzolic soil 
profile found in transported alluvium. 
Red lateritic and plinthite nodules in all 
sizes, mostly very weak, smooth, semi
rounded. No siliceous particles. As
sociated soil principally silt. Classifi
tion GMH(3) 

Lateritic gravel from a red-yellow pod
zolic soil profile formed in residual 
soils over rhyolite. Dark red-brown 
lateritic nodules in all sizes, generally 
fairly strong, semi-angular. Occasional 
siliceous particles, estimated less than 
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Aggregate 
No. 

3 

4 

5 

6 

7 

8 

Source 

35 km north of Mahasarakam, 
Central Khorat Plateau 

6 km east of Yasothorn, 
Khorat Plateau 

1 km east of Chanthaburi, 
Chanthaburi District 

22 km east of Udorn, Khorat 
Plateau 

47 km east of Udorn, Khorat 
Plateau 

10 km north of Lopburi, 
Bangkok Plain 

Visual Description 

1 percent. Associated soil principally 
highly plastic clay. Classification GCH (3). 

Lateritic gravel from a low humic gley soil 
profile formed in transported alluvium . 
Light brown lateritic nodules in all sizes, 
medium strong, semi-angulai·, with light 
gray kaolinitic clay lumps, estimated 5 
percent in ¾-in. to No. 4 fraction and 15 
percent in No. 4 to No. 16 fraction. Also 
occasional lateritic nodules composed of 
siliceous particles cemented with ferru
ginous material. Associated soil prin
cipally sandy clay. Classification GCL (2). 

Lateritic gravel from a gray podzolic soil 
profile formed in transported alluvium. 
Light brown lateritic nodules, medium 
weak, angular and semi-angular. The 
¾-in. to No. 4 fraction contains no sili
ceous particles. The No. 4 to No. 8frac
tion contains an estimated l0percent ob
viously siliceous particles. The asso
ciated soil is principally a brown, sandy 
material that apperu·s predominantly 
siliceous. Classification GMI(3). 

Lateritic gravel from a red-yellow pod
zolic soil profile formed in residual soil. 
Light brown laterite and plinthite nod
ules in all sizes, very weak, semi-angular 
and semi-rounded. No siliceous parti
cles. Associated soil principally clay. 
Classification GCI (3). 

Lateritic gravel from a gray podzolic soil 
profile formed in transported alluvium. 
Dark brown lateritic nodules, relatively 
strong, semi-angular. Sizes above No. 
30 contain no siliceous particles; the 
No. 30 to No. 50 size is principally nod
ular with a little light brown siliceous 
sand; the No. 50 to No. 100 size is es
sentially sand with a trace of nodules; 
the No. 100 to No. 200 size is pure fine 
siliceous sand. Classification GML(l). 

Essentially same as No. 6 from 22 km 
east of Udorn. Same material classi
fication. 

Crushed limestone, light and dark gray, 
finely crystalline, dense, hard, sound, 
very uniform in texture throughout, 
particles angular. No associated soil. 
Fines composed of crusher waste for 
this same material. Classification 
GP(l). 



Aggregate 
No. Source 

9 Gravel artificially prepared 
from several sources 
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Visual Description 

Siliceous gravel in all sizes above No. 16, 
hard, sound, semi-angular to semi
rounded. This is a 'synthetic" aggre
grate . The ¾ -in. to %-in. fraction was 
from Ratburi (Bangkok Plain), the %-in . 
to No. 8 fraction from Khan Kaen (Khorat 
Plateau), and the No. 8 to No. 16 fraction 
was cut from a locally (Bangkok Plain) 
available siliceous sand. The minus No. 
16 air-dry fraction (25 percent) was 
composed of clean silty sand (15percent), 
fines from the Ratburi gravel (5 per
cent), and pulverized kaolinitic clay (5 
percent). The clay was added for two 
reasons: (a;) to simulate conditions in 
typical gravel borrow pits; and (b) to 
provide sufficient cohesion in compacted 
specimens so that they could be extl·uded 
intact from the molds. Classification 
GW(l). 



Classification and the Relationship of 
Engineering Properties of Some Soils 
Kenya, East Africa 
P. J. M. ROBINSON, Tippetts-Abbett-McCarthy-Stratton 

• 
ID 

When the results of extensive tests of soils along the length of a road in 
Kenya scheduled for reconstruction were grouped using their agrogeo
logical classification, it was possible to prepare curves 1·elating liquid 
limit and soaked CBR values. From these curves, design charts can be 
prepared showing construction thickness related to liquid limit for each 
of the soil groups. This method of classification was then applied to the 
results of tests from another length of road 200 miles away and with a 
different climate, and yielded similar forms of curve. This relation
ship of construction thickness to liquid limit enables an assessment of 
the design requirements of soils along the length of a proposed route to 
be made with a reduced testing program. It may be extended to other 
soils and to other properties of the soil. 

•IN WORK carried out in Kenya on two roads, one from Athi River to Namanga and the 
other from Leseru to Malaba River (Fig. 1 ), a problem arose in the identification of a 
black soil occurring on the former. As a consequence of the solution of this problem a 
design system was evolved. 
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Figure 1. Location of the two test roads in Kenya. 
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Figure 2. landform of the Kapiti Plains. 
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Figure 3. landform and vegetation on the basement 
series. 

Figure 4. Geology of Athi River-Namanga area. 

Scale., 
1: 1.000,000 
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Figure 5 . Mean annual rainfall of Athi River-Namanga area. 
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Figure 7. Relationship of liquid limit to soaked 
CBR for black soil. 

Figure 8. Relationship of liquid limit to soaked CBR 
for other soils. 



The soil in question is locally called 
black cotton soil and occurs in the ter-
rain shown in Figure 2. This does not 
accord with the conditions of poor drain
age typically associated with black cot
ton soil. A typical location is that oc
curring further south on the same road 
in the bare area in the right middle dis
tance of Figure 3. 

The formation of the black soil is 
not explained by reference to the geo
logical map shown in Figure 4 (1). It 
existsfromAthi River to point A.-Nor, 
although rainfall is the chief element 
in the climate causing variation of any 
particular parent material (2), does 
reference to the rainfall map shown in 
Figure 5 (3) explain its extent. 

The auflior has found that, in places 
where other sources of information 
may be scarce, agricultural classifi
cations may be used (4). Two such ref
erences (5, 6) identify black soil under 
these conditions as being related to a 
parent mate1•ial of volcanic ash and as 
containing montmorillonite. A further 
source (7) describes the soils beyond 
pointA toNamanga as being kaolinitic. 

From this it seems reasonable to 
assume that the soil to point A is formed 
from volcanic ash of the Upper Athi 
Tuff series that originally existed to 
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Figure 9. Relationship of liquid limit to construction 
thickness for Athi River-Namanga road. 

point A, but is not so shown on the geological map. Over part of the area it is now pres
ent only in the form of the superficial soil to which it gave rise. 

With this assumption for the identification of the black soil, it would be logical on the 
grounds of the different clay element present in the soils for them to be distinguishable 

Figure 10. Mean annual rainfall for Leseru-Malaba River road area. 
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t 
Figure 11. Geology of Leseru-Malaba River road area. 

by Atterberg limits. Figure 6 shows this to be the case. An attempt was therefore 
made to relate engineering properties to these limits. A relationship between subgrade 
liquid limit and soaked CBR was found for the black soil (Fig. 7). Similar results ob
tained with soil from other sources are shown in Figure ~-

The next step was to apply a standard design curve to these results. A chart based 
on such a curve for a 9,000-lb wheel load (8) is shown in Figure 9. Thickness has been 
reduced by 10 percent because of absence of frost. 

The same procedure was applied for the Leseru-Malaba River road. Rainfall and 
geological information are shown in Figures 10 and 11 (9, 10). The Atterberg limits 
shown in Figure 12 indicate that, for the length of the road fl•om Leseru to mile 31 from 
Eldoret, points generally lie nearer to the A line than those for beyond this point. The 
division corresponds to the geological junction of the basement and Nyanzai1 systems. 

The1·e is again some relationship shown in Figure 13 between the soaked CBR 
and liquid limit using these divisions, and the pavement design chart derived as 
previously discussed is shown in Figure 14. 
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Figure 14. Relationship of liquid limit to 
construction thickness for Leseru-Malaba 

River road. 

CONCLUSION 

Information on the genesis of 
soils may enable a classification 
to be made in which derivation 
can be related to pavement design 
requirements . Appraisal of prop-
erties can be obtained from a 
much-reduced laboratory testing 
program. Such a relationship 

applies to the parent rock and, where soils are sedentary, care must be taken at the 
edge of a geological formation to distinguish between relict soil from a vanished layer 
and that from the underlying rock. Extension of this work in this area could produce a 
widely applicable simplified system of design. 
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Engineering Classification of Organic Soils 
ARA ARMAN, Division of Engineering Research, 

Louisiana State University 

Classification systems have been used to correlate the physical proper
ties of a soil with its structural performance. Because no extensive 
engineering classification system exists for organic soils, uncertainty 
reigns in the design of structures founded on these materials. In this 
study, the physical properties of organic soils were evaluated by an ex
tensive testing program as a general approach to an engineering classi
fication system. Several previously unknown characteristics of organic 
soils were found. Following a comprehensive literature search con
cerning the physical characteristics of organic soils, laboratory testing 
evaluated their engineering characteristics. Some of these character
istics (strength, consolidation, and the like) did not follow the general 
assumptions that have been used by engineers in the past. One of the 
conclusions drawn from this study is that soils containing as much as 
20 percent organic material may be used as foundation material without 
ill effects. A correlation was established between water content, wate1· 
absorption, and the pH of organic soils . It was found that present-day 
combustion methods of determining organic content are in error. From 
an engineering standpoint, the character, source, or environment of the 
organic matter in soils is of secondary importance. A classification 
system based on the characteristics of organic soils in Louisiana is 
presented, and a tentative method of determining organic matter con
tent in soils is developed. 

•IN THE IDENTIFICATION of soils by constituents, the two general classifications are 
organic and inorganic. Organic soil is defined as any soil containing a sufficient amount 
of organic matter to influence its engineering properties. Because the "science" of 
soil mechanics is mainly involved with analyzing the physical characteristics of inor
ganic soils, the presence of organic materials is thus ignored. One finds pronounce
ments in the soil mechanics literature that organic soils are so poor for foundation 
purposes that their properties · are the subject of much less study . The scope of this 
study was set to determine qualitative and quantitative classification indexes for organic 
soils. 

Most of the available literature on organic soils is found in Canadian and some Rus
sian publications. In particular, the annual Muskeg Research Conferences in Canada 
are a rich source of information on organic soils (peat) . h1 one such Canadian paper 
by Radforth (1), a cmssification system based on macroscopic constituents of the or
ganic soils was presented. It should be mentioned that the organic soils discussed in 
the Canadian literature a1·e rather different from those comprising the subject of this 
report. The peats studied by the Canadian researchers are nearly pure organic mate
rials; those reported on here are mixed with various types of mineral soils that affect 
the engineering properties of the total organic soil. 

Paper sponsored by Committee on Exploration and Classification of Earth Materials and presented at the 49th 
Annual Meeting. 
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Organic deposits along the Gulf Coast are composed of saturated organic mixtures. 
The organic matter is provided by decayed vegetation deposited in a fresh, flotant, 
brackish, or saline enviromnent (2). 

Typical results from laboratory consolidation tests on peat by Adams (4) showed that 
an initial relatively large settlement occurs within a short time (5 minutes}. The long
term settlement, which continues indefinitely at a slow rate, appears to be almost en
tirely dissipated during the initial settlement. 

Deformation by compression is considerably greater in peats than in clays and silts 
because of the high water content a:nd the low volume of solids. Hanrahan (5) found that, 
under load, peat with high organic content continues to deform indefinitely without the 
formation of failure planes. He concluded that the strength of peat is of a cohesive na
ture that is primarily dependent on the water content. 

PREPARATION FOR TESTING 

This study was performed using two major types of specimens, natural and artificial. 
In the first phase of the study, artificial mixtures of loose organic material and mineral 
soils in predetermined proportions were prepared in the laboratory to obtain uniform 
specimens that would give reproducible results. (Later experience indicated excellent 
test replication.) In the second phase of the study, natural mixes and also mixes occur
ring in nature were tested. The analyses of the latter were used to decide on the range 
of artificial and natural mixture proportions and to determine the reliability of the re
sults from the artificial mixtures. The terms artificial and natural refer to the prepa
ration of the samples. All other factors and testing procedures were identical. Flow 
cluu:ts for the testing program of natural mixtures and artificial mixtures are shown in 
Figures 1 and 2 respectively. 

Preparation of Artificial Mixes 

Artificial mixtures were prepared by mixing, at varying percentages, organic soils 
that had been dried at 130 F and crushed in a disc-type pulverizer. The mineral soils 
were prepared accordil1g to ASTM Designation D 421-58 (1965) at varying percentages . 
It was assumed that crushing and drying at 130 F affected some of the physical charac
teristics of the final mixtu1·e-thus the term artificial. 

Samples were obtained from the Pontchartrain basin region of south Louisiana. The 
Pontchartrain basin is a low area bounded on the south by the natural and artificial lev
ees of the Mississippi River and on the north by the Pleistocene highland of the Florida 
parishes. This area was chosen after an extensive geological study of Louisiana's or
ganic deposits. The Pontchartrain Basin is ideal for the procurement of organic-rich 
soils because of its long history of subsidence combined with a series of successive en
vironments, all rich in organic materials. 
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Figure 1. Testing program of natural mixtures. 
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Figure 2. Testing program of artificial mixtures. 

Approximately 400 soil cores (mixes as appearing in nature) and 7,000 lb of loose 
organic s oil were obtained for this program. Cores for routine testing and dating ( C14

) 

were taken from the ground surface to a depth of 40 ft. Four thousand of the 7,000 lb 
of loose organic soils were oven-dried and crushed for incorporation into artificial mix
tures. The 01·ganic content of this portion of the soil was fow1d by combustion to be 55 
percent . 

Three different mineral components-clay, silt, and sandy clay-were mixed in vary
ing p1·opo1·tions with the 55 percent organic soil to form artificial organic mixtures. A 
range of organic content between O and 50 percent was chosen because most of the nat
ural organic deposits in the study ar ea were represented in this range. Samples with 
organic contents of 0, 5, 10, 20, 25, 30, 40, and 50 percent were prepared with each 
of the three types of mineral soils. 

Preparation of Natural Mixes 

The remaining 3,000 lb of soil were used for the preparation of natural mixes. In the 
preparation of samples of natural soil for various tests, part of the soil was removed 
from the humidity room where the samples were stored and divided into small portions. 
These portions were formed into spheres having an approximate diameter of 2½ in. 
The soil spheres were allowed to dry at a room temperature of 72 F for 2 days . The 
dried spheres were sliced into thin layers (1/a in. or less). Slicing eliminated the pres
ence of long fibers and the uneven distribution of fibers that would impair the placement 
of samples and the uniformity of results in consolidation, triaxial, and other tests us
ing fabricated cores. 

The procedures for mixing mineral ingredients with or ganic soil, the type of mineral 
ingredients, and molding and testing were the same as those for artificial mixtures. 

TESTING 

Preliminary Analysis of Organic Soils 

In the laboratory, portions of each soil sample were tested to determine moisture 
contents by drying at 230 F (ASTM D2216-63T). The organic content (by dry combus
tion) and pH value were determined for each sample. The sample weight lost through 
ignition in a furnace at 950 C for a period of 1 hour divided by the total dry weight 
yielded the percentage of organic matter present. 

The organic content of the natural soil was also determined by the "wet combustion" 
method (AASHO T 194-631) to find a possible correlation between the wet and dry com
bustion methods . Wet combustion did not indicate the total organic content when rela
tively undecayed plant remains or hydrocarbons were present. The resultant relation
ship between these two methods is shown in Figure 3. 
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two methods. 

It was observed that basic changes took place in the mineral ingredients during the 
combustion tests (950 C). At that point a secondary investigation was begun to ascer
tain these changes and to delineate their effects on the determination of the organic con
tent. 

Differential thermal analysis , thermal gravimetric analysis, and X-ray diffraction 
were used to determine mineral and gravimetric changes taking place du.ring combus
tion at temperatures up to 950 C. At approximately 440 to 445 C, dehydroxylizatiol) of 
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montmorillonites occurred along with the combustion of the organic matter (Fig. 4). At 
600 C, all of the organic content was burned. However, the dehydroxylization of mont
morillonites or illites, which were also destroyed, contributed to the total weight losses. 
Therefore, this secondary program was expanded to determine the weight loss for the 
mineral ingredients of the mixtures, as well as the effects of different temperature levels 
on the combustion or transformation of these ingredients. 

Samples of pure montmorillonite, silica, and illite were used as the pilot specimens. 
In addition, natural organic and mineral soils having organic contents of O, 10, 20, 25, 
30, and 50 percent were dried at 130 F. Four samples were quartered from each per
centage group. These tests indicated tl1at part of the organic content was removed by 
combustion at temperatures of 375 C or lower; however, a considerable amount still 
remained in the soil. Combustion at 450 C and above removed most (±2 percent) or
ganic constituents. Pure montmorillonite specimens lost from 8.3 to 11.6 percent of 
their weight between 450 and 600 C. 

Pure organic soils were m:iXed with pure mineral clay from O to 50 percent in 5 per
cent increments. The organic content of these mixes was determined by thermal gravi
metric analysis. Each of these mixes was subjected to combustion temperatures of 
375, 450, 600, and 900 C for different periods of time. These tests indicated that com
bustion at 450 C for a period of 5 hours produced the most accurate results (Fig. 5). 
The DTA tests performed on the burned portions of these samples gave further evidence 
for this conclusion. The methods for determination of organic content were revised at 
this point to incorporate these findings. Thus, for this study, all samples were tested 
for organic content at 440 C. 

In the specific gravity tests (ASTM D 8 54- 58), isopropyl alcohol was used instead of 
distilled water because the organic materials floated in water. Isopropyl alcohol has 
a density of 0.781 g/ml at 25 C. 

Tests of the Engineering Characteristics of Organic Soils 

Samples of artificial and natural mixes subjected to consolidation, permeability, and 
unconfined compression tests were mixed with water to approximate the liquid limit of 
the soil. The soil was then placed in a special aluminum molding chamber manufac
tured for the purpose of preparing cores. To approximate field conditions, the load 
applied to a soil layer at a given depth in the field had to be applied to the laboratory 
samples. An average depth below the surface of 20 ft was assumed because the coring 
program showed that most of the organic material was present at or above this average 
depth. The unit weight, y, of the organic material was assumed to be 60 lb per cu ft. 
From these two assumptions, the maximum stress on a soil sample at a depth of 20 ft 

was estimated to be 1,200 lb per sq ft (or T 

max = 1,200 lb per sq ft). The diameter of 
_ Aciuot the aluminum chamber was 2.48 in., to allow 

soil samples to fit into the consolidation, per
meability , and unconfined compression equip
ment witJ1out being trimmed. Samples prepared 
in the molding chamber were allowed to con
solidate under a 40 .2-lb load (1 ,200 lb per sq 
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Figure 5. Percent weight loss by combustion at 
varying temperatures. 

ft) for 48 hours in a 100 percent humidity room. 
The falling-head permeability test was used 

to determine the permeability of organic soils. 
Permeability tests were run on artificial 

and natural mixtures of clay, sandy clay, and 
silt with organic contents of O, 10, 20, 30, 
and 40 percent by weight. 

Terzaghi (.§.), in the development of the 
matllematical concept of consolidation, has 
made the following assumptions: 

1. The soil is homogeneous. 
2. The soil is completely saturated. 
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3. Both the water and soil grains are incompressible. 
4. Darcy's law is strictly valid. 
5. The action of infinitesimal masses is no different from that of larger, represen-

tative masses. 
6. The coefficient of permeability, k, is constant. 
7. The time lag of consolidation is due entirely to the low permeability of the soil. 
8. The soil is laterally confined; hence, flow and consolidation are one-dimensional. 
9. An increase in effective pressure, from an initial value of Po to a final value of 

p, reduces the void ratio from an initial value e0 to a final value e. The ratio av = (e0 
- e)/(p - p

0
) is assumed constant for the effective pressure increment. 

The first three assumed conditions do not vary in any important degree from actual con
ditions for nonorganic soils. For organic soils, radical variations in these conditions do 
occur, but if the organic material is distributed evenly throughout the soil, assumption 1 
is still valid. The ability of organic material to absorb seemingly unlimited quantities 
of water makes it almost impossible to assume complete saturation, as in assumption 
2. Assumption 3 proves invalid for organic soils because a portion of the volume change 
is due to the actual compression of the fibrous organic particles themselves. 

No variation to assumption 4 is introduced by the presence of organic material, al
though Hansbo suggested that Darcy's law may be considered valid only when the hy
draulic gradient is large (7). Assumption 5 is self-explanatory and applies to organic 
soils as well as to mineraf soils. 

The coefficient of permeability, k, in assumption 6 is not constant during the pressure 
increment, even for nonorganic soils. In nonorganic soils, however, the variation is s 
small, and the effect is negligible. In organic soil, the coefficient of permeability can de
crease byas much as 50,000 for larger increments, producing very pronounced effects. 

The time lag of consolidation mentioned in assumption 7 is not due entirely to the 
low permeability of soil. In nonorganic soil, two phenomena actually contribute to the 
time lag. The first is called hydrodynamic lag, which is the time required for the es
cape of pore water. The second factor, not recognized by the Terzaghi theory, is ''due 
to plastic action in absorbed water near grain-to-grain contacts or points of nearest ap
proach to contact, and is called the plastic lag" (8). In organic soils a third factor, the 
compressibility of the fibrous material of the organic part, contributes to the time lag 
of consolidation of the soil. Assumptions 8 and 9 introduce some errors and limit the 
validity of tbe theo1·y. However, the errors are present regardless of whether the 
tested soils are organic or inorganic. 

Terzaghi's consolidation theory does not include an explanation for secondary com
pression, and many different theories have been advanced to account for it. In the con
solidation of organic soils, compression modes have been observed that are unexplained 
by the primary consolidation theory. Compression of the organic fiber in the soil is to 
some degree analogous to secondary compression. For the organic soils in this project, 
the secondary compression is believed to have begun sho1·tly after the load was applied 
and continued at a decreasing rate until the load was removed. The results indicated 
that highly organic soils would continue to compress indefinitely under constant load. 

Typical failure patterns for cohesive soils, under compression, include the classical 
single-shear and cone-shear failures and failure by bulging of the central portion of the 
test specimen. For the organic specimens tested, however, only the bulging failure 
occurred. In some instances, the organic samples were compressed considerably with
out forming failure planes or bulging. : The results of the unconfined compression testing 
program indicated that the addition of organic fibers to mineral soil increases the com
pressive strength of the mixture. 

Microscopic studies of organic soil showed that, in clay-organic mixtures, the or
ganic fibers attracted clay particles. Under the microscope these particles appeared 
to be in a thin layer (Fig. 6). The attraction was great enough for the clay particles to 
form a thin coating on the organic fibers. Thus, the clay was able to develop additional 
strength by using the strength of the organic fibers that acted as buffers between the 
mineral soil particles. Also, the presence of organic fibers "fixed" or absorbed some 
of the free moisture in the pores. This decreased the amount of moisture available to 



Figure 6. Organic fiber and 
the attracted clay particles as 

seen under the microscope. 

TABLE 1 

RADIOCARBON AGE OF ORGANIC CORES 

Isolope Sample Depth Age in Years 

Location (ft) -oc14 B.P . Date 

Manchac 3 59 • 11 490 • 95 1460 A.D, 
Veteran's highway 2.5 45 ± 11 370 • 95 1580 A.D. 
Veteran's highway 2.5-5 180 ± 10 1,590 ± 95 360 A.D . 
Veteran's highway 5-7.5 211 ± 10 1,900 ± 100 50 A.D. 
Veteran 1s highway 10-12.5 238 ± 10 2,180 ± 100 230 B . C. 
Raceland-

DesAllemand 10-11.5 217 ± 10 1,970 ± 100 20 B. C. 

the clay minerals and thus helped to increase the 
strength of the total mix. 
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Undrained quick t r iaxial tests were performed on 
2½-in. cores of artificial mixes with varying organic 
content. Test results followed the trend shown by the 
unconfined compressive strength test . 

In an effort to determine the age of soil samples used for this study and to correlate 
the geolofic origin, cores obtained in the field from organic deposits studied were used 
to run C1 determination. Res ults indicated that the radiocarbon age of the materials 
tested varied from 370 to 2,180 years (Table 1). 

DISCUSSION OF RESULTS 

In the initial phase of testing, it was observed that the pH values and moisture con
tents were dependent on the amount of organic material in the soil. Organic soils, which 
have an affinity for water, were found to have water contents as high as 536 percent of 
the dry weight. This is in agreement with observations by other workers. The affinity 
for water is one of the most important characteristics of organic soils. The water con
tent of an organic soil affects its strength, the amount of consolidation, the permeabil
ity, and the decaying rate. 

pH and Organic Content Tests 

The water-holding capacity of organic soils (water content) increased as the organic 
content became greater (Fig. 7), and the pH value decreased as organic content in
creased. The pH values for the soils that were tested ranged from 3.3 to 8.6. This 
range is similar to that found for soils in Canada ( 3 .1 to 7. 5). An exponential curve was 
found to best fit each set of points for pH versus organic content. 

The pH-organic content relationship for soils in a given area can be predetermined 
by a few simple tests, and pH-organic content curves can be prepared. These curves, 
in turn, can be used for quickly estimating the organic content of other samples from 
pH tests by referring to the pH-organic content curve for a particular area. At high 
organic contents, this quick method is of questionable value. However, at low organic 
contents, where the percentage of organic content is most critical, it can be of limited 
use. The method, coupled with additional data, such as the natural moisture content
organic content relationship, may provide the field engineer with a fast means of de
termining the organic content of soils in the field for a given area. 

Method for Determining Organic Content of Soils 

Dry combustion, X-ray diffraction, differential thermal analysis, and gravimetric 
thermal analysis conclusively proved that the methods presently used to determine the 
organic content of soils may introduce serious errors, especially in soils with low or
ganic but high clay content. The following tentative method, based on test results, has 
been established and was used in this study to determine organic content of soils: 

1. Obtain a 60-gram sample of the soil to be tested. 
2. Place a 40-gram portion of the sample in a crucible having a diameter no less 

than 6 in. 
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Figure 7. Organic content/moisture content relationship. 

3. Place the remaining 20-gram portion in a moisture cup. 
4. Weigh both portions at the same time. 
5. After the exact weights are obtained and recorded, place the crucible and its 

sample in a combustion furnace at 440 C for 5 hours. 
6. Place the moisture sample in a drying oven at 110 C until a constant weight is 

obtained. 
7. Determine the percentage of weight loss by combustion and the percentage of 

moisture content based on dry weight. 

Subtracting the moisture content from the weight lost by combustion will give the per
centage of organic material in the sample. 

The temperature of 440 C is very critical. A few degrees' variation below this tem
perature will result in the lack of complete combustion, whereas at a few degrees above 
this temperature some weight will be lost because of the transformation of clay minerals. 
Thus, the temperature should be very closely controlled. 

The sample should be spread over the bottom of the crucible uniformly into a layer 
that is as thin as possible. For soils with high 01·ganic contents, it may be necessary 
to repeat the combustion test until a constant weight is attained for the sample. Samples 
with high moisture contents should be placed in the furnace before it becomes hotter 
than 100 C to prevent the evaporites in the soil from "popping" out and carrying some 
of the soil with them. The moisture content tests should be performed on all samples 
that are being tested for combustion, regardless of their visually observed moisture 
condition. 

Weatherometer Test 

In the accelerated weathering of organic soil by the carbon-arc weatherometer, the 
organic content decreased approximately 20 percent in 300 days. This reduction was 
the result of the decay of the organic fibers in the sample. Also, the pH value of all 
tested samples increased after weathering. This reduction of acidity was caused by 
the leaching out of acids in the soil. 

Weatherometer tests also indicated that there is no significant change in the liquid 
limits or plastic limits of a soil as a result of relatively short-term weathering. There
fore, the Atterberg limits of the soil samples were found to be affected only slightly by 
weathering. The effects of weathering described here were identical for both natural 
soils and artificial mixes. 
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TABL E 2 

ATTERBERG LIMITS FOR THREE ARTIFICIAL MIXTURES 

Clay Sandy Clay Silt 
Organic 
Content, Plastic Liquid Plastic Plastic Liquid Plastic Plastic Liquid Plastic 
Percent Limit, Limit, Index, Limit, Limit, Index, Limit, Limit, Index, 

Per cent Percent Percent Percent Percent Percent Percent Percent Percent 

40. 2 67.7 27.5 7.4 26.0 18 .6 12.7 32.2 19.5 

36.0 65.5 29.5 9. 1 29.3 20.2 13.1 34.8 21.7 

10 36.6 64 .1 29.5 6.0 32.0 26.0 14.! 40.6 26.5 

15 26.2 65.4 39.2 8.2 37.9 29.2 13.5 41.8 28.3 

20 18.2 62.7 44.5 8. 1 41.7 33.6 16.6 48.2 31.6 

25 17.0 64.5 47.5 2.6 44.0 41.4 18.2 52.6 34.4 

30 18.4 66.8 48.4 3.6 48.4 44.8 20 .1 56.0 35.9 

40 4.9 71.B 66.9 2.6 62 .6 60.0 20.6 64.0 43.4 

50 12.1 BB. I 76.0 0,8 72.B 72.0 17.0 72.9 55.9 

Liquid Limit, Plastic Limit, and Specific Gravity Tests 

The effect of organic content on Atterberg limits of soils showed a natural depend
ency on the character of the mineral ingredients (Table 2). Determination of the liquid 
limits of samples containing m01:e th.an 30 percent organic material was complicated be
cause the soil cake did not deform and flow together in the liquid limit apparatus. In
stead, the whole soil cake slid, en masse, without deformation as the cup was dropped 
the specified number of times. Thus , in effect, the liquid limit of the soil was deter
mined by the friction between the cup and the soil cake rather than shear resistance of 
the soil itself. 

To further complicate matters, it was not possible to determine how much of the 
water appearing as the "moisture content" at the liquid limit or plastic limit was ab
sorbed by the organic mate1·ial and how much of it was contributing to liqui dity or plas

ticity of the soil. The limits found for soils 
of increasing organic content were apparent 
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ships for natural mixtures. 

liqu.id and plastic limits, and should only be 
referred to as "apparent" . 

The specific gravities for the tested soils 
ranged from 2. 7 5 (nonorganic silt) to 1. 7 5 (silty 
soil with 50 percent organic content). 

Permeability Test 

The addition of organic material to a pre
dominantly sandy s oil decreased the coefficient 
of permeability from 4,700 x 10- 7 cm/ sec to 
3.5 x 10- 7 cm/ sec as the organic content in
creased from 0 to 40 percent. The organic 
matter filled the pores of the sandy soil and 
thus decreased the rate at which free water 
could flow through the soil pores . As the per
centage of organic matter in the soil was in
creased, a greater percentage of the soil pores 
was filled, and a greater decrease in permea
bility was observed. 

Organic matter in both clay and silt caused 
their coefficients of permeability to increase 
because channels of increased permeability 
were formed by the organic matter. Titus, the 
coefficients of permeability of both clay and 
silt increased with. increasing amounts of or
ganic matter. 
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A plot of the permeability data for the 
natural samples (Fig. 8) shows that the re
spective increases or decreases in perme
ability tend to approach a horizontal asymp
tote at about 60 percent organic content and 
at a critical permeability coefficient of 3 .10 
x 10-7 cm/s ec. A s imilar plot for artificial 
mixtures indicates a critical value of 3.25 
x 10- 7 cm/sec (Fig. 9). This leads to the 
conclusion that the permeability of the or
ganic material stabilizes after the percent
age of organic material reaches 60 percent. 
This critical value is independent of the type 
of mineral soil with which the organic ma
terial is mixed. 

Consolidation and Compressibility Test 

Large initial settlement occurred as the 
organic content of the soil was increased. 
The larger and continued compression of 
samples with an organic content of 30 per
cent or more resulted from the compres
sion of organic fibers (Fig. 10). Consolida
tion data from both natural and artificial 
mixtures showed that, as organic content 
reached 2 5 percent, the consolidation curve 
departed from its classical shape and tended 
to straighten. The same effect was observed 
as the load was increased to 4 tons per sq 
ft or higher. 
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Unconfined compressive strength of organic mixes increased as the organic contents 
were increased (Fig. 11). Samples with 40, 50, and 60 percent organic contents were 
extremely compressible; they compressed approximately one-fourth of their original 
height (6 in.) without showing visible failure planes. 

The triaxial strength of organic soils increased with the increase of organic content 
(Fig. 12). This, of course, corresponds with the findings from unconfined compression 
tests. The organic fibers in the soil were :responsible for the increase in strength as 
discussed earlier. In addition, it should be emphasized that "failure" in organic soils 
as discussed earlier departed from the classical failure concept. 

It was observed that the apparent angle of internal friction as determined from the 
Mohrs' envelope varied from 10 deg for an organic content of 10 percent to O deg for an 
organic content of 40 percent (Fig. 12). The apparent angle of internal friction was re
duced to 5 deg when organic content was increased from 10 to 20 percent. It was evi
dent from these results that an organic content of more than 20 percent controlled the 
cohesion of these mixes. 

Under load, an organic soil may "fail" because of excessive shear displacement . In 
structural foundations, it makes very little difference in the stability of the structure 
whether settlement results from shear displacement or from rupture. Thus, each 
structure founded on organic soil deposits must be evaluated individually. When using 
organic soils, foundation failure should be redefined as the limiting, tolerable shear 
displacement for a particular structure and load. Only then can a satisfactory engi
neering decision be made. 

The same reasoning should be applied to the consolidation of organic soils . Although 
some of the organic soils exhibited an excessive secondary compression, secondary 
compression in this case may be critical and important only in the laboratory . It should 
be remembered that part of the secondary settlement takes place in the laboratory dur
ing a time period that, for a deposit several feet thick, would correspond to several 
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decades, if not centuries, in the field. Thus, a 
structure designed for a life of 30 years may not 
be subjected to any pronounced effects from the 
secondary compression. 

Consolidation Model 

Although the specific aim of this study was 
the development of a system to identify organic 
soils and their structural potential, an attempt 
was also made to develop mathematical models 

representing the consolidation chai·acteristics of the organic soils studied. The .feasi
bility of the use of a statistical approach to obtain mathematical models was explored. 
The results of this phase of the study hav~ been published by the author (~ . 

Radiocarbon Age Tests 

The radiocarbon age of the soils tested produced data on two important aspects of 
this material: first, that the geologic ages represented are recent St. Bernard Age, 
and second, the organic fibers found in the soil were deposited several hundred to sev
eral thousand years ago. These factors lead to the conclusion that decay in organic 
soils is very slow. Of course, it would be emphasized here that these deposits were 
found under the permanent phreatic surface. Thus, the decay rate of organic soils lo
cated under the permanent water table should be of no practical concern to the engineer. 

CONCLUSIONS AND RECOMMENDATIONS 

Based on the results of this study, the following conclusions are made: 

1. There is a definite relationship between the pH value and the organic content of 
soils. 

2. Both the moisture absorption and specific gravity of soils are related directly to 
their organic content; the moisture absorption increases and the specific gravity de
creases as the organic content increases. 

3. When organic soils are dried, they do not absorb the same quantity of moisture 
that they originally contained. 

4. The permeability of soils containing 40 percent or more organic material is gov
erned by the permeability of the organic matter. The permeability of all tested soils 
reaches a critical k of approximately 3.25 x 10-7 cm/sec for organic contents ovel' 40 
percent. 

5. The permeability of sandy clay decreases with the addition of organic material, 
whereas the permeability of silt and clay increases with the addition of organic material. 
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6. Organic soils are highly compressible; most of the compression takes place in 
a very short time. Precompression may be used to accelerate the settlement of or
ganic deposits. 

7. The Atterberg limits cannot be determined accurately for soils containing more 
than 30 percent organic content because the organic matter does not allow the soil to de
form or roll as a nonorganic soil. 

8. The consolidation cl1aracteristics of organic soils containing less than 20 per
cent organic mate1·ial reasonably conform with Terzaghi's consolidation theory; the1·e
fore , the settlement of struclu1·es founded on these soils can be reasonably predicted 
by this theory. 

9. Both the unconfined compressive strength and the triaxial shear strength of or
ganic soils increase as the organic content increases. 

10. Present methods of determining organic content by dry combustion at 950 C or 
by wet combustion do not produce reliable results. 

The following recommendations are made concerning the classification and use of 
organic soils: 

1. The organic content of soils should be determined by combustion at 440 C rather 
than the 950 C presently being used. 

2. The failu1·e of organic soils under compressive stresses takes place by yielding. 
Thus, a yield criterion should be established for each individual design problem based 
011 the tolerable yield for the proposed structure. 

3. Soils having organic contents of 20 percent or less by weight should be classi
fied as soils with organie content. The majority of the physical characteristics of these 
soils are influenced by the characte1•istics of the mineral ingredients. 

TABLE 3 

PROPOSED CLASSIFICATION SYSTEM FOR ORGANIC SOILS IN WU!SIANA 

Organic Drainage Uquld 1,1,urtlc-
Value as Value as an 

Major Group Content, pH Specific 
Cha1·ac- Llmll, lly a Base Embankment Other Uses Divisions Symbol Percent Range Gravity 
teristics P l'C<!nt 

IJ!(/(!)(, 
Material Material 

Pcl'cent 

Sandy SWO-lE 0-15 > 7,0 > 2.40 Pervious 26-37 7-8 Excellent Excellent Foundation for levees, 
clay and to fair to fair earth dams, and 
organic structures 
material SWO-2F 15-20 6.0-7,0 2.18-2,40 Poor 37-48 3-8 Fair to Fair to Foundation for em-

poor poor banlanents, levees, 
and light structuresa 

OS-lF 21-30 6.0-7.0 2.18-2.40 Poor 37-48 3-8 Fair to Fair to Foundation for em-
poor poor bankments, levees, 

and light structuresa 
OS-2 31-50 5,5-6,0 1.83-2, 18 Poor 48-72 0.8-3 None Poor Limited use as em-

bankrnent foundation 
after densificaliona 

OS-3 > 50 < 5.5 < 1.83 Poor > 72 None None None 

Slit and SWO-IG 0-15 :> 7.0 > 2.45 lmpervious 32-41 12-13 Good to Excellent Foundation for levees, 
organic to very fair to fair earth dams, and 
material poor structures 

SWO-2F 15-20 6.0-7.0 2.10-2.45 Very poor 41-56 13-20 Fair Fair Foundation for em-
to poor bankments, levees, 

and light structuresa 
OS-IF 21-30 6.0-7.0 2.10-2.45 Very poor 41-56 13-20 Fair Fair Foundation for em-

to poor bankments levees, 
and light structuresa 

OS-2F 31-50 5. 5-6.0 1.75-2.10 Poor 56-72 17-20 Fair to Poor Limited use as em-
poor bankment or levee 

foundationa 
OS-3 > 50 < 5.5 < I. 75 Poor > 72 None None None 

Clay and SWO-1 0-15 > 7,0 > 2.37 Impervious 65-67 26-40 None Fair Levees, earth dams, 
organic to very and structures 
material poor 

SWO-2 15-20 6.0-7,0 2.15-2. 37 Very poor 65-66 18-26 None Fair to Levees and earth dams 
to poor poor 

OS-1 21-30 6.0-7.0 2.15-2.37 Very poor 65-66 16-26 None None Embankment foundation 
to poor after densification3 

OS-2 31-50 5.5-6,0 1.81-2 , 15 Poor 66-76 12-18 None None Embankment foundation 
aiter densificationa 

OS-3 > 50 < 5.5 < 81 Poor > 76 None None None 

aorganic deposit must be located under the permanent phreatic surface 
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4. Soils having organic contents of 21 percent or niore by weight should be classi
fied as organic soils because the majority of the physical characteristics of these soils 
are influenced by the characteristics of the organic ingredients. 

5. A tentative classification, given in 'l'able 3, categorizes organic soils as organic 
a11d sandy clay, silt, or clay. The table further breaks down each major category into 
groups (with proposed g1•oup symbols} according to the amount of organic content. The 
rru1ges of the physical characteristics (pH, specific gravity, liquid limit, plasticity in
dex, and permeability) are based on this research work. For each group, the value of 
the particular soil is given for use as base or embankment material and general founda
tion work. 
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