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Foreword 
Highway design engineers having responsibility for development of design stan
dards and for applying them to specific . design situations will find the several 
papers in this RECORD of interest. Traffic engineers having responsibility 
for safe operation of facilities may also find the papers useful in pointing to 
remedial measures on existing highways. Both should find this RECORD help
ful in furthering the necessary dialogue between designer and operator. 

The RECORD opens with a broad-based study that attempted to determine 
which rural geometric variables contributed most to accidents in Louisiana. 
Dart and Mann investigated accident records for a 5-year period on approxi
mately 1, 000 miles of highway in an attempt to find the relations hips of 11 dif
ferent variables . They concluded that the 2 geometric variables having tlrn 
most important effects on accident rates are horizontal alignment and pave
ment cross slope, and they ranked the other variables in order of decreasing 
effect. 

A Bureau of Public Roads researcher sought relationships between accidents 
and the lengths of speed-change and weaving lanes. Julie Anna Cirillo used 
accident data from Interstate segments in 24 states to show that accident rates 
in weaving ar eas decrease with increased length of the area for weaving. In 
addition, s he s howed that incr eased length had a beneficial effect on accidents 
in both acceleration and deceleration lanes, although the effect was gr eater for 
acceleration lanes. Effects are also related to the proportion of merging traf
fic in the main stream. Understanding of this work is also enhanced by dis
cussions that follow the paper. 

Glennon reports on his review and evaluation of current AASHO stopping 
sight distance standards . He draws a number of conclusions in the nature of 
challenges to s everal elements of des ign criteria and offer s recommendations 
for both immediate action and fur ther research . As with the preceding paper, 
a thoughtful discussion extends the value of this work. 

In the fourth paper, a Kentucky researcher examined accident experience 
on limited-access facilities to determine the need for and value of median 
crossovers. Garner found direct relationships, and he presents guidelines 
that could result in a 5 percent reduction in accidents on such facilities. 

Computer analysis of Interstate accident data permitted Yates to develop 
relationships between accident rates and curvature on loop and outer connec
tion ramps. Data are presented to show these relationships for several types 
of ramps in common usage. 

The next paper describes work in Israel relative to visibility problems in 
crest vertical curves. In it, Livneh and others describe the theoretical, as 
opposed to graphical or field measurement, determination of passing restric
tion zones from the standpoint of passing maneuver safety on 2-lane roads. 

Yates and Beatty also used computer analysis of Interstate accident data in 
their search for relationships between mainline lighting and accident experi
ence . They report finding higher accident rates for lighted highways than for 
unlighted highways, although the only characteristics considered other than 
lighting were ADT and number of lanes. 

Glennon made a state-of-the-art evaluation concerning truck operating char
acteristics and accident involvement rates as related to the design of truck 
climbing lanes. His conclusions offer practical advice for the designer faced 
with decisions regarding application of these special lanes for trucks in order 
to maximize safety of operation. 

In the final paper, Rizy and others investigated passing performance with 
in-car displays on 2-lane roads. This work was in connection with the Passing
Aid System II study and resulted in a rejection of an auditory display in favor 
of a flashing visual display. 
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Relationship of Rural Highway Geometry to 
Accident Rates in Louisiana 
OLIN K. DART, JR., and LAWRENCE MANN, JR., Louisiana State University 

The purpose of this project was (a) to determine which geometric variables 
contribute most to accidents, and (b) to predict the accident potential of a 
certain section of Louisiana highways. This study involved approximately 
1,000 miles of rural highways distributed eveply throughout Louisiana. 
The accident records investigated cover a 5-year period from 1962 to 
1966. The variables studied in order to find their relation to accidents 
were percentage of trucks, traffic volume ratio, lane width, shoulder 
width, pavement cross slope, horizontal alignment, vertical alignment, 
percentage of continuous obstructions, marginal obstructions per mile, 
and traffic access points per mile. These 10 variables, their squares, 
and their first order interactions were used in a regression analysis to 
construct mathematical models to determine the contribution of the vari
ables to total accidents, accidents on wet roads, accidents on dry roads, 
accidents during the day, accidents during the night, total injuries, and 
total fatalities. One mathematical model shows that a total of approxi
mately 46 percent of all accidents are explained by the 10 variables in
cluded in this study. The variables not inv~stigated-involving the driver, 
the vehicle, and other geometrics-account for the remainder of the vari
ation in total accidents. Based on their interaction with traffic volume, 
the 2 geometric variables having the most important effect on accident 
rates are pavement cross slope and traffic conflicts. The remaining geo
metric variables studied in order of decreasing effect on accident rates 
are lane width, horizontal alignment, and shoulder width. 

•FOR SEVERAL YEARS Louisiana has found itself in the unenviable position of pos
sessing the highest motor vehicle accident fatality rate in the nation. Table 1 gives 
the trend for a 10-year pei·iod from 1957 through 1966. Particularly alarming is the 
rate of increase in accidents and fatalities between 1962 and f 966. 

In designating the cause of accidents, most authors cite 3 principal factors-the 
driver, the vehicle, and the roadway. In one concept, recently recalled by Baldwin (2), 
each accident is assigned a primary cause that results in 75 percent of all accidents -
being caused by driver failure, 10 percent by vehicle deficiencies, and 15 percent by 
highway deficiencies. However, Baldwin goes on to discuss the more probable situa
tion that any accident is caused by an interaction of the 3 principal factors: 

... If it is possible to hazard a guess, it seems likely that the driver as a cause might show up in 
from 80 to 90 percent of accidents, but that the highway would also appear in 40 to 50 percent 
of the cases and the vehicle in a somewhat smaller percentage (but certainly larger than the com
monly quoted ten percent). By the very nature of the concept, there would of course be many 
accidents in which causal factors might be identified in each of the three general categories. This 
would merely mean that more than one type of countermeasure might be useful in terms of ac
cident prevention. 

Paper sponsored by Committee on Operational Effects of Geometrics and presented at the 49th Annual Meeting. 
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TABLE 1 

LOUISIANA HIGHWAY ACCIDENTS AND ENFORCEMENT 
FROM 1957 TO 1966 

Rura l Rural Automobile DeaU1 Rn le Hazardous Ratio or 
Year 

Accidents Fatalities Fatalities per C:itations Citations 
100 mvm to Accidents 

1957 17 ,052 568 817 7 .3 

1958 16,301 608 845 7.4 

1959 16,972 500 603 7 .2 4~.~01 2.68 

1960 15,623 594 841 7 .4 51,699 3.31 

1961 15, 732 576 779 6.7 63,351 4.02 

1962 17 ,299 546 770 6.4 71,876 4.16 

1963 19,638 624 846 8.3 67 ,017 3.41 

1964 23,934 791 1,037 9,7 68,667 2.82 

1965 25,904 857 1,106 9.0 78,992 3.05 

1966 29,916 917 1,232 9.4 89,061 2.98 

aAccidents per 100 million vehicle-miles 

A large part of Louisiana's problem may be caused by the driver in that enforce
ment has not been maintained at a sufficient level in recent years (Table 1). Authori
ties say that a 6 to 1 ratio of moving violation citations to total accidents is a minimum 
for effective control. Louisiana's ratio has generally ranged from between 2.6 and 4.2 
to 1 in the 8-year period shown. 

Nevertheless, Baldwin's point is well taken, and we resolved to pursue all available 
avenues of attack, including an elevation of highway deficienceis. This paper describes 
the work done on the project initiated in 1966 and includes the analysis, results, con
clusions, and recommendations having to do with the rural highway system in Louisiana. 
The purpose of the research was (a) to determine what continuous type of geometric 
highway design variables may be contributing most to the large traffic accident and 
death toll that exists in Louisiana, and (b) to predict accident potential and geometric 
design ·parameters. Prediction is the elusive goal here. Unless accidents can be pre
dicted above the level of chance, the processes that cause accidents cannot be under
stood with any degree of confidence. 

Miller (23) reports that traffic accidents were responsible for an estimated total 
economic loss of $11 billion in the United States in 1967. Thus, there is that much 
reason, strongly reinforced by humane considerations, to gain a better understanding 
of the causes of highway accidents so that we may reduce their frequency and the dis
tress they cause. 

The highway itself is an important determinant of where accidents happen (35). Road
way elements or characteristics, therefore, can provide an effective means for pre
dicting accident "proneness" of a given roadway. The purpose of this research was to 
estimate the true liability of the highway itself in causing accidents and to assess the 
proportionate share of liability that individual physical highway characteristics should 
bear. 

PREVIOUS STUDIES 

The literature contains many items dealing with investigations of the relationship of 
highway design features to highway accidents. One publication alone summarizes the 
findings of several hundred references (35). 

Some previous resea1·ch dealt with the problem in its entfrety (7, 9, 12, 30) ; other 
research was limited to one variable such as shoulders or a group-offactor$(3, 5, 14, 
29). In reviewing the material available, the authors limited their search to studTes
that dealt more directly with the problem under investigation. Some of the most perti
nent findings of previous research are briefly summarized in the following discussion . 
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In 1953, Raff (30) presented his findings on a study to find how accident rates on 
main rural highways are affected by design features and use characteristics. The fac
tors studied include number of lanes, average daily traffic (ADT), degree of curvature, 
pavement and shoulder widths, frequencies of curves and other sight-distance restric
tions, percentage of intersection traffic on the minor road, and many others. Surpris
ingly, Raff concluded that a number of roadway features, including grade and frequency 
of curves, do not appear to have any consistent effect on accident rates. He also found, 
as would be expected, that traffic volume and sharp curves seem to cause accidents. 
Wide pavement and shoulders encourage safety on 2-lane curves. Raff mentions that 
the most striking feature of his study was the amount of irregularity in most of the re
sults, but he adds that the principal cause is probably the tremendous complexity of the 
problem itself. The very complexity of the problem dictates that the data should be as 
homogeneous as possible. This can only be accomplished by having only one reporting 
agency furnish all the data. The authors have tried to do this by using data from one 
state. 

Blensly (5) found a significant relationship between increased accident frequency 
and increased paved shoulder width. He states that "the results of this study should 
be interpreted with extreme caution, inasmuch as the traffic volumes on the bulk of the 
sections were less than 5,000 vehicles per day. 11 Two different approaches were taken 
in his study. Correlation procedures were used to evaluate the relationship between 
paved shoulder width and accident occurrence, and variance measures were employed 
to analyze the difference between the average accident frequency on sections with nar
row paved shoulders ( 4 ft or less) and the average accident frequency on sections with 
wide paved shoulders (8 ft or more). The analysis of covariance procedu1·es estab
lished that, when the effect of ADT was controlled, the mean number of property dam
age and total accidents was significantly higher on sections with wide paved shoulders 
than on sections with narrow paved shoulders in the 1,000 to 5,600 ADT range. 

Belmont (3) found a similar relationship between personal injury accident frequency 
and paved shoulder width on sections ranging in volume from 2,000 to 12,000 vehicles 
per day. Belmont concluded that "apparently the advantages of wider shoulders are 
more than offset by tendency of drivers to be less careful. As shoulder width increases, 
drivers may gain an unjustified feeling of security. 11 This theory is one possible ex
planation for the relationship found in his study. Clearly, this is a startling result. 
Another explanation can possibly be found in the way that Blensly attenuated his data. 
In order to obtain a sufficient number of sample elements, he multiplied each 1-mile 
section of rural 2-lane highway, which was level and tangent and had paved shoulders, 
by the number of full years for which accident data were available after the paved 
shoulders were constructed. 

Moskowitz (26) and Crosby (10) investigated the relative safety of various existing 
types of medialldesigns. .Although the research described did not include an analysis 
of medians, the refere.nces are included for continuity. 

Schoppert's investigation (31) describes research by the Oregon State Highway Com
mission to develop equations that can be used to predict accidents on rural 2-lane high
ways from roadway elements such as ADT, lane width, shoulder width, sight-distance 
restrictions, commercial and residential driveways, and intersections. A sample of 
nearly 1,400 miles of 2-lane highways is utilized. The data were analyzed through 
the use of multiple correlation techniques. The result of the analysis is a series of 
equations that can be used to predict total accidents on rural 2-lane highways in Oregon. 

In 1966, Roy Jorgensen and Associates and Westat Research, Inc., published (17) 
the results of a research project for the Bureau of Public Roads. This work is a 
valuable source of procedures for evaluating safety programs and identifying spot lo
cations. The section on forecasting accident reduction relates the regression analysis 
technique to the problem and appeals for accident record data to be coordinated with 
existing highway geometric characteristics. 

Two reports released after the start of our project have direct bearing on this type 
of research and are summarized here. Sparks (32) describes a project to investigate 
the influence of highway characteristics on accident rates in Oklahoma. The approach 
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used was first to select independent variables thought to be related to accident occur
r ence and then attempt to measure the amount of correlation each variable has with 
some form of accident index. The accident rate per million vehicle miles was used 
as the dependent variable. The ultimate goal of this research was to develop one for
mula that could be applied to all classifications of rural highways and that could he used 
to predict accidents effectively so that hazardous locations might be identified and cor
rected prior to accident occurrence. As a secondary benefit, he hoped that the formula 
also would detect or measure the true importance of various highway elements. The 
independent variables that he attempted to correlate with the accident rate (the depen
dent variable) were surface width, surface type, shoulder width and type, curvature, 
gradient, s topping sight dis tance, passing opportunity, hazard rating, surface condi
tion, and shoulder condition. As expected, most of the independent variables had neg
ative correlations with the accident rate. The surprising aspect of the study was the 
low correlations that actually existed between the independent variables and the depen
dent variable. Only 1.91 percent of the variance in the accident rate was explained by 
the independent variables used in this study. The s tandard er r or of the equation was 
in excess of 5.00 indicating that the equation is practically worthless for predicting ac
cident rates. 

Kihlberg and Tharp (18) of the Cornell Aeronautical Laboratory investigated rates 
of accidents caused by specific geometric features such as number of lanes, access 
control, median presence, highway curvature, gradient, ADT, and the presence of in
tersections or structures. From these data a mathematical model was evolved but no 
coefficient of correlation was given; however, multiple R2 values are available in the 
appendix of their report. Of course, the model is valid only for the data considered, 
i.e., for Connecticut, Florida, and Ohio. Briefly, Kihlberg and Tharp found that (a) 
access control had the most powerful accident-reducing effect; (b) rates for one-vehicle 
accidents per million vehicle miles decrease with increasing ADT while those for 
multiple-vehicle accidents increase; (c) without access control, undivided 4-lane high
ways have accident rates higher than those on 2-lane facilities; (d) medians tend to de
crease the number of accidents, although the effect was not clear-cut; (e) curvature, 
gradient, intersections, and structures increase accident rates, the dominant element 
being intersections and the least significant being gradient; (f) combinations of these 
elements generate accident rates higher than those of the individual elements; and (g) 
no evidence substantiated the hypothesis that the effects of grades and curves varied 
with steepness or sharpness above the limits of 4 percent and 4 degrees. 

Fairly recent research by Mulinazzi and Michael (27), although dealing with urban 
arterials, produced multiple linear regression modelsrelating accident rates to de
sign characteristics. One hundred sections ranging in length from 0.254 to 4.167 miles 
were studied with regard to 26 independent variables. One conclusion is that accident 
rates increase with increasing numbers of "friction points" per mile (the "sum of the 
number of approaches to the arterial, intersections, and driveways"). 

UNIFORM SJj:CTION DEFINITION AND INITIAL SECTION SELECTION 

This research of the effects of highway geometry on the frequency of occurrence of 
automobile accidents was concerned with rural highway sections. Each section selected 
was required to possess uniform characteristics as follows: 

1. Same pavement and shoulder width throughout the section; 
2. Same pavement and shoulder. type throughout the section; 
3. No reconstruction during the period from 1962 to 1966; 
4. Generally consistent alignment throughout the length of the section (spot locations, 

e.g., single excessively sharp horizontal curve, usually distinguished by a correspond
ing high-accident frequency, were excluded from this study and formed break point be
tween sections); 

5. No major intersections within section length; 
6. Relatively constant traffic volume throughout section; and 
7. Relatively constant accident history throughout section. 



Initially, various roadway lengths (highway department control sections) were se
lected for suitability through consultation with district engineers or their representa
tives of the Louisiana Department of Highways. Twenty-five to 30 control sections 
were selected from each of the 9 highway districts. 

ROADWAY DATA OBTAINED FROM CENTRAL OFFICE FILES 
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Historical records of each section were used to determine suitable beginning and 
ending mileposts for each roadway to be studied in the field. At the same time, file 
numbers for the most current roadway plans were determined. The mileposts and file 
numbers were recorded on specifically designed roadway characteristic forms along 
with certain other pertinent characteristic data, e.g., brief history of road, district 
number, and parish. 

Once the location of each roadway's plans was known, the plans were withdrawn 
from the files and the information on them transferred to specially designed work 
sheets. These sheets provided for the recording of alignment and grade, roadside 
obstructions, and traffic conflict data. 

Traffic classification and volume data were obtained and recorde.d from the records 
of the highway department. The values were averaged over the 5-year period from 
1962 to 1966 for each section. Level of service calculations were made from the High
way Capacity Manual (13). Equations were designed for the calculation of traffic ser
vice volume for a levefOf service B and the corresponding ratio of the peak-hour traf
fic volume to the service volume. The results of these calculations were also entered 
on the dai a summary sheets. 

Traffic accident information was obtained from the highway department on the num
bers of fatalities, injuries, and total accidents, as well as accident breakdowns by 
light and weather conditions for each section. The location of each accident was given 
to the nearest tenth of a mile in each section. 

FIELD STUDY PROCEDURES 

Roadway data not obtainable from available records were gathered from field work. 
Each control section was thoroughly scrutinized in order to represent properly its 
characteristics through field measurement. Continuous and individual marginal ob
structions, sources of traffic conflicts, e.g., driveways, shoulder width, lane width, 
cross slope, and other values were obtained and recorded on field measurement data 
sheets. The following procedures were used for field measurement. 

Pertinent facts on each section were recorded on the Field Measurement Data Sheet 
(FMDS). An adjustable calibrated Stewart-Warner car odometer was used to deter
mine to the nearest hundredth of a mile the actual length of each section. At the same 
time, the odometer was used to determine milepost values for reference purposes. 

Along each section, readings of lane width, shoulder width, and cross slope were 
taken and recorded on the FMDS. Readings were taken at 2, 3, or sometimes 4 dif
ferent section mileposts depending on the length of the section. Measurements were 
made only in tangent sections to avoid superelevated curves. The value for the cross 
slope was determined by touching one end of a 5-ft-long aluminum level to a point 1 ft 
from the roadway center stripe and perpendicular to it. The level bubbles were then 
centered. The vertical distance to the roadway surface at the other end of the level 
was then recorded. This same procedure was also followed for the adjacent lane. 

Notebook size sheets with station alignment grids were designed and mimeographed 
for use in recording alignment and grade, roadside obstructions, and traffic conflict 
data. As each section was run in the field, the number of driveways and obstructions 
and their locations were recorded on grid sheets. 

The different variables were denoted by a color code, e.g., red for any type of ob
struction and green for all types of driveways. Whether or not a certain object could 
be classed as an obstruction was a somewhat qualitative question, decided in the field. 
A "reasonable man in a typical car" was the standard use to decide on the question of 
obstructions. All the area within approximately 50 ft of the pavement edge on each side 
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of the road was observed. A dangerous object or continuous hazard was classed as 
either a continuous or a marginal obstruction if it would be encountered by a reasonably 
good driver in an accident situation. An example of a continuous obstruction might be a 
long line of trees perhaps 10 ft from the roadway or a rather steep drop".'off near the 
pavement edge. An example of a marginal or discrete obstruction would be a lone tree 
near the road. 

The independent variables measured were traffic, width, cross slope, alignment, 
and roadside friction. The traffic variables were as follows: 

1. Trucks-the percentage of the ADT that is made up of vehicles other than pas
senger cars and pickup trucks. 

2. Traffic volume-24-hour, 2-way total traffic flow, commonly referred to as ADT . 
3. Traffic volume ratio-the ratio of the peak hourly traffic volume (2-way) for a 

highway section to its corresponding service volume for level B operation as defined 
by the Highway Capacity Manual (13). 

The width variables were as follows: 

1. Lane width-the width in feet measured between the center of a 2-lane roadway 
and the edge of the pavement or traveled way. 

2. Shoulder width-the width in feet between the edge of the pavement or traveled 
way and the edge of any shoulder, generally indicated by a change in slope between the 
shoulder and the side slope. 

The cross-slope variable is the slope of the pavement or traveled way from the center 
of the roadway toward the shoulder measured in feet per foot of pavement width. 

The alignment variables were as follows: 

1. Horizontal alignment-the percentage of the length of a highway section that has 
a horizontal highway curvature in excess of 3 deg. 

2. Vertical alignment-the percentage of the length of a highway section that has a 
highway gradient in excess of 3 percent. 

The roadside friction variables were as follows: 

1. Continuous obstruction-the percentage of the total length of a highway section 
that has some roadside feature or obstacle that runs for more than a few feet on either 
or both sides of the roadway. Such a feature would be a deep roadside ditch or steep 
side slope that presents an obstacle to a vehicle's safely leaving the roadway in an 
emergency at posted highway speeds. 

2. Marginal obstructions-the total number of discrete objects on both sides, such 
as a driveway embankment, culvert, roadway culvert headwall, tree, or telephone 
pole, per mile of a highway section within the cleared right-of-way. This is not to be 
confused with the marginal obstruction within 6 ft of the pavement edge used in capac
ity analysis (13). 

3. Trafficconflicts-the total number of traffic access points on both sides per mile 
of highway section. These access points include only minor oad intersections (inter
sections with major roads were considered as break points between study sections) and 
principal access driveways to abutting property along highway section. 

FINAL DATA PREPARATION PROCEDURES 

From the summary sheets, data were transferred to code sheets for keypunching 
onto computer cards. Nearly all of the information previously mentioned was then re
corded on summary sheets that condensed the data for analysis. Sections were then 
checked for high-accident frequency values. If, after carefully studying the locations 
of each of these values, we found that the accidents were obviously being caused by 
conditions other than roadway geometry and weather conditions, we separated the ex
treme values from the sections and formed new smaller subsections, if feasible. All 
new summary data were then prepared on new summary forms. 
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DATA ANALYSIS PROCEDURE 

Levonian (20) emphasizes that mulivariate analysis not only provides for statistical 
control but also retains that reliability associated with the entire sample. An impor
tant consequence is the likelihood that the prediction of accidents will be enhanced 
when several predictors are used. An even more important consequence of multivari
ate analysis is the clarity with which results can be interpreted; this last consequence 
accrues from the fact that multivariate results can be presented in an integrated rather 
than piecemeal fashion. 

The analysis consisted first of selecting and punching the pertinent data by using a 
computer program to select needed data from raw data file and then a multiple regres
sion program to perform the regression analysis. 

For each analysis, the independent variables used as input data and described earlier 
were the same. In addition to these variables, a number of indexing characteristics 
were used in order to segregate the data for more detailed analysis. These included 
the following: 

1. Highway maintenance district, 8. Injury accidents, 
2. Section number, 9. Total accidents, 
3. Shoulder type, 10. Day accidents, 
4. Traffic volume, 11. Night accidents, 
5. Bridges in section, 12. Accidents on wet surface, and 
6. Service volume, 13. Accidents on dry surface. 
7. Fatal accidents, 

The dependent variable (accidents) was grouped differently for each run. The groups, 
each per 100 million vehicle miles, were as follows: 

1. Accidents, 5. Accidents during night, 
2. Injuries, 6. Accidents on wet roads, and 
3. Fatalities, 7. Accidents on dry roads. 
4. Accidents during day, 

It was of interest to investigate the main effects and the first order interactions {in-
cluding the main effect squared terms) of the independent variables. The large number 
of highly significant cross products means not necessarily that one variable depends on 
the other but that elements of the roadway are generally built as compatible units. For 
example, very seldom would one suggest today that a roadway be built with a high de
gree of adequacy for surface width but a low degree of adequacy for sight distance. 

SUIT ABILITY OF THE SAMPLE AND RANGE OF VALUES OBTAINED 

In undertaking a project of the type and scope previously described, one needs to be 
particularly concerned with the adequacy of the sample to cover the full ranges of the 
variables involved. The following points seem appropriate as a result of this research. 

1. The researchers thought that past studies attempted to analyze distributions that 
were too large and diverse to be meaningful in view of the scarcity of data. The sam
ple for this study included 246 sections of rural roadway, varying in length from 1 to 
17 miles, on which occurred more than 6,000 accidents during the term covered by the 
study. Locations of the study sections are shown in Figure 1. Excellent geographical 
coverage of the state was obtained. 

2. A primary difference between this study and others "that demonstrated a low 
probability of answering specific questions" lay in the fact that the researchers at
tempted to determine primarily a heirarchy of accident-cause factors. (This hierarchy 
might also be useful in determining optimum use of highway construction funds.) The 
sample of highway sections used in this study experienced over 6,000 accidents during 
a 5-year period. Particular care was exercised to determine that no study section had 
been altered during the time covered by the study. In choosing the sample sections, we 
took care that the entire sample provided coverage of the full range of each variable. 
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Figure 1. Location of study sections. 

3. The manner in which accidents are investigated and recorded in Louisiana is 
entirely compatible with the requirements of the study. The accidents are reported to 
the nearest 0.1 mile and all the accident data required for the study were in the mem
ory oi the highway department's electronic data processing equipment. After t.lie sec
tions were selected, they were examined for a uniform distribution of accidents. Clus
tering of accidents was cause for eliminating or breaking the section up into smaller 
sections. No attempt was made to study only high-accident sections. 

4. Every section of roadway used in this study was traveled twice for data collec
tion and surveillance purposes. If a section was not homogeneous with respect to the 
variables, it was either deleted or divided into 2 sections, if feasible. The terrain of 
Louisiana is largely rolling and hilly in the north, flat in the south. This situation 
helped in obtaining sections that encompassed the wide range of variables necessary 
for the proposed analysis. Particular attention was paid to the sections for homoge
ne~ty; that is, if a section were hilly for any part, it must be uniformly hilly through
out. If a section had few traffic access points, it must have few over the entire length 
of the section. 

Another word about the sample. Because all data were taken in Louisiana, then the 
results from the satistical manipulation of the data can only apply to Louisiana. It is 



reasonable to expect that causes of acci
dents may be different in each state; 
therefore, comparisons with other states 
are interesting but there should not nec
cessarily be a direct relationship. 

TABLE 2 

VALUE RANGES FOR INDEPENDENT VARIABLES 

Variable 

Traffic 
Trucks 

Value Range 

2 to 33 percent of traffic 

9 

The ranges of values for each of the 
independent variables studied on the 246 
study sections are given in Table 2. 

Traffic volume 
Traffic volume ratio 

190 to 11,933 vehicles per day 
0.04 to 2.12 

INDIVIDUAL VARIABLE RELATION
SHIPS TO ACCIDENT RATE 

Each independent variable was plotted 
against total accident rate (accidents per 
million vehicle miles) to see what trends 
existed. Some of these relationships are 
shown in Figures 2 through 5. In each 
case the curves represent general trends 
of the raw data available. 

Of particular interest are those that 
can be compared with previously reported 
studies. Figure 2 shows a trend typical 

Width 
Lane width 
Shoulder width 

Cross slope 

Alignment 
Horizontal alignment 

Vertical alignment 

Roadside friction 
Continuous obstructions 

Marginal obstructions 
Traffic conflicts 

9 to 12 ft 
1 to 12 ft 

0,000 to 0.038 It/ft 

0 to 57 . 5 percent of 
length > 3 deg 

0 to 48.0 percent of 
length > 3 percent 

0 to 100 percent of 
section length 

0 to 34 per mile 
0 to 46 per mile 

of many previous studies (35, Ch. II) in which accident rates increase as traffic flow 
increases. More specifically, the curve shown in Figure 2 compares well with that in 
Rykken's Figure 6 (35) where a congestion index is used similar to the traffic volume 
ratio used here. The data shown in Figure 3 permit a direct comparison with those ob
tained by Charlesworth (34). The general aggreement of the data in Figures 2 and 3 
with those previously reported by others indicates that the data obtained in this research 
are representative and quite usable for the intended purposes. 

Of particular interest are· the comparisons 
of accident rate with the 2 most important in
dependent variables as shown by regression 
analyses. Figure 4 shows a very solid straight-
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line trend of accident rate increasing with 
Figure 4. Accident rate versus traffic conflicts. an increase of traffic conflict points per 

mile. This trend also correlates well with 
previously reported research, especially 
that of Mulinazzi and Michael (27). Fig
ure 5, on the other hand, showsa rela-

tionship not previously reported and one that definitely indicates that r oadways with 
relatively flat cros s s lopes are more accident prone than those with better slopes . 

REGRESSION ANALYSES 

The primary purpose of this study was to define those geometric characteristics of 
the roadway that were most responsible for accidents. 

Total Accidents Analysis 

The analysis of all 246 sections with respect to total accidents yielded the following 
hierarchy of importance (all first order interactions): 

1. Traffic volunie and pavement cross slope, 
2. Traffic conflicts and traffic volume, 
3. Lane width and traffic conflicts, 
4. Traffic volume and horizontal alignment, 
5. Shoulder width and horizontal alignment, and 
6. Traffic volume and trucks. 

The effects of traffic volumes, traffic conflicts, horizontal alignment, lane widths, 
and shoulder widths have been cited in previous research. However, it is important 
to note the hierarchy of their effects in the Louisiana evironment. Of particular inter 
est in this analysis is the r elative importance of cross s lope. This is of particular 
significance in areas such as Louisiana because of the high rainfall (60 in. per year 
near Baton Rouge) that may lead to hydroplaning effects in the presence of low cross
slope values. 
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Other Analyses 

The regression analyses of !;tll sections with respect to accidents classed as injury, 
fatalities, wet surface, dry surface, day, and night yielded some differences in the 
hierarchy of variables. Table 3 gives the results of 8 regression analyses including 
both total accident analyses (all variables versus main effects only). Only the top 4 
variables are given because they had the highest F-values for being entered into the 
regression analysis and also generally contributed to no less than about 1 percent of 
the cumulative R 2 value. 

In all analyses it is significant that the one variable that contributed most to the ac
cident rate was the traffic volume ratio. This indicates that the more nearly a road
way carries traffic volumes approaching or greater than its design service volume, the 

TABLE 3 

FOUR VARIABLES CONTRIBUTING MOST TO MULTIPLE R 2 VALUES 

Accidents Analyzed Variables Variable Multiple 
Order R' 

Total accidents: all first order 
variables versus main effects 

First order TVR x CS l 0.305 
TVR x TC 2 0.365 
LW x TC 3 0.386 
TVR x HA 4 0.398 
All 0.587 

Main effects TVR l 0.241 
cs 2 0.265 
VA 3 0.272 
TC 1 0.278 
Ten 0.295 

Fatalities versus injuries 

Fatalities TVR x CS 1 0.136 
CS x TC 2 0.179 
HA x VA 3 0.199 
SW x CO 4 0.209 
All 0,424 

Injuries TVR x CS 1 0.304 
TVR x TC 2 0.358 
LW xTC 3 0.388 
TVR x HA 4 0.404 
All 0.610 

Day versus night 

Day TVR x CS 1 0.307 
TVR x TC 2 0.354 
T x TVR 3 0.374 
TVR x HA 4 0.384 
All 0.588 

Night (TVR)' 1 0.258 
TVR x TC 2 0.300 
TVR x CS 3 0.327 
LW xTC 4 0,347 
All 0.537 

Dry versus wet road 

Dry (TVR) 2 1 0.303 
TVR x TC 2 0.352 
TVR x CS 3 0.378 
TVR 4 0.402 
All 0.615 

Wet TVR x CS 1 0.291 
T x TVR 2 0.331 
(T)2 3 0,337 
TVR 4 0,352 
All 0.487 

Note: cs cross slope co continuous obstructions TC traffic conflicts 
HA horizontal alignment T trucks TVR traffic volume ratio 
LW lane width SW shoulder width VA vertical alignment 
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more likely it will experience a greater accident rate. The analyses also show that 
the most important geometric features affecting accident rates are pavement cross 
slope and traffic conflicts per mile. 

Mathematical Model 

Although mathematical models were prepared for all 7 analyses, the authors con
sider the analysis for total accidents to be the most important one. The mathematical 
model for this analysis is given in the Appendix. 

In statistical terms, the product of correlation, XlOO, is defined as "the percent of 
variation in the data that is accounted for by the mathematical formula." Accordingly, 
the product of correlation, R 2

, value obtained for the total accident model was 0.46, 
which indicates that the model explains 46 percent of the variation in the data. What 
does this really say? It says the 46 percent of the variation in the data is explained by 
the geometric factors that were included in the study. The remaining 54 percent 
is accounted for by variables not included in this study. Those are probably driver, 
environmental, and vehicle variables as well as other roadway variables not included 
and various interactions of all variables. The approximately 46 percent of the varia
tion is in line with what authorities such as Baldwin (2) have suggested. In 1942 
~m~(37)s~: -

The roadway may contribute directly to accidents, or an accident may result from a number 
of causes one of which may be traced to an inherent deficiency in the road. Accidents which 
are directly caused by "defects" in the roadway are believed to number from 3 to 10 percent of 
all accidents. If we include all accidents in which a "fault" may have been one of the contribut
ing causes it is conceivable that 15 to 40 percent of accidents may be traceable directly or in
directly to the road . 

More important than the model itself is its application and use as a possible tool for 
determining the probable accident rate for a proposed highway design . An example of 
the use of this model is given in the .Appendix. 

CONCLUSIONS 

A criticism of the type of study undertaken here is that one obtains a lot of informa
tion that is intuitively obvious. That is, everyone knows that hills, curves, and a great 
deal of traffic will indicate high-accident experiences. This, of course, is true, and 
the fact that many of these factors do indeed come to the front comforts the researcher 
that his methodology is correct. How much do each of these factors contribute? This 
study has quantified the answer to this question. What about the occasional surprises? 
For instance, the relative importance of horizontal alignment over vertical alignment 
seems significant. The relative importance of cross slope seems to indicate that fur
ther study in this direction might prove fruitful. So the occasional surprises probably 
will more than justify the effort of the study. 

This study is all-inclusive so that, of necessity, later studies must be concerned 
with specific design features that are here shown to be of importance. 

Based on multiple regression analyses of data for Louisiana rural highways only, 
the following conclusions seem valid relating accidents to highway geometry: 

1. Only 46 percent of the variation in accident rates is explained by the geometric 
factors that were included in U1is study. This indicates that 54 percent of the variation 
in accidents was caused by the driver, the vehicle, or by other variables that were not 
included in this study. 

2. The methodology used and the results obtained appear to be valid based on limited 
comparisons with results of previously conducted research. 

3. The 2 geometric variables appearing to have the most important effect on acci
dent rates, based on their interactions with traffic volume, are pavement cross slope 
and the number of traffic conflicts per mile. 
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4. Of the geometric variables investigated, continuous obstructions, marginal ob
structions, and their interaction terms had the least effect on accidents. This indicates 
that the variation in accidents was least caused by obstructions off of the right-of-way. 

5. The project has been successful in relating several geometric variables to acci
dent rates and has produced the following hierarchy of importance, all first-level 
interactions: traffic volume and pavement cross slope, traffic conflicts and traffic 
volume, lane width and traffic conflicts, traffic volume and horizontal alignment, 
shoulder width and horizontal alignment, and traffic volume and percentage of trucks. 

6. A mathematical model has been developed that will help predict the accident 
picture likely to be experienced on a roadway, given the characteristics of that road
way. 

RECOMMENDATIONS 

Based on the results of this project, recommendations are as follows: 

1. That the utilization of the mathematical models derived from this research be 
considered to determine how to allocate funds for highway accident reduction; 

2. That particular attention be focused on the geometric variables of traffic con
flicts and pavement cross slope in any highway improvement project; 

3. That additional research be considered to investigate further the effect of pave
ment cross slope on vehicle performance and accident rate ; and 

4. That additional research be considered to ascertain ways to reduce accidents 
resulting from sources of traffic conflicts. 
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Appendix 

MATHEMATICAL MODEL 

The following is the model for total accidents per 100 million vehicle miles. The 
R2 is 0.46 and all of the F-ratios are significant at the 0.05 level. 

y 41.32 - 1.23X1 - 0.54X2 - 0.67X6 + 0.03X1X2 + 0.03X:?'6 - 0.0009X~9 

+ 0.026X~11 - 0.12X4X11 + 0.009X5X9 

where 

total accidents per 100 million vehicle miles, 
percentage of trucks, 
traffic volume ratio, 
cross slope, 
(percentage of trucks) (traffic volume ratio), 

= (traffic volume ratio) (cross slope), 
= (traffic volume ratio) (horizontal alignment), 
= (traffic volume ratio) (traffic conflicts), 

(lane width) (traffic conflicts) , and 
= (shoulder width) (horizontal alignment). 
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The mathematical models can be used to predict the number of accidents per 100 
million vehicle miles, given the various geometric characteristics (independent vari
ables) included in the model. The model for total accidents is used in this example. 

The calculated value for the accident ratio can be obtained by using the equation for 
y in the mathematical model and substituting numbers in the correct units for the var
ious X's. Average values were selected for the independent variables and were coded 
to be compatible with the computer program. They are as follows (their more famil
iar forms are in parentheses): 

X1 percentage of trucks = 13, 
X2 traffic = 55 (0.55), 
X4 lane width = 11, 
Xs shoulder width = 8, 
X6 cross slope = 12.8 (0.0128 ft/ft), 
X 7 percentage of continuous obstructions = 66, 
X8 marginal obstructions per mile = 7. 5, 
X 9 horizontal alignment = 57 (57 percent of section ::> 3 deg), 

X 10 vertical alignment = 50 (50 percent of section ::> 3 percent), and 
X11 traffic access points per mile = 9. 

When these values are substituted in the equation for total accidents per 100 million 
vehicle miles, the following is obtained: 

y = 28.65 accidents per 100 million vehicle miles 

With a given confidence value, the range of y can be determined. This equation is 

y' = y ±ta, N Sy 

where 

Y' range of y, 
ta N distribution that is a function of a and N, 

' a confidence limits, 
N degrees of freedom, and 

Sy standard deviation of y. 
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The t value for the 50 percent confidence level and 224 degrees of freedom is 0.675. 
The standard deviation obtained from the MRP49 Multiple Regression Program was 
25.78. Therefore, the range of y is 

y' y ±ta, N Sy 

28.65 ± (0.675} (25.78) 

28.65 ± 17.35 

Thus, 50 percent of the time y, the accident ratio, will lie between 11.30 and 46.00 
accidents per 100 million vehicle miles. This is a large range, but it includes the ac
cidents caused by geometric variables as well as by other factors . If it were possible 
to segregate those accidents caused by geometric factors alone, the product of corre
lation would increase, the standard deviation of the accident ratio would decrease, and 
the range in these calculations would be smaller. 

The sign of the coefficient will enable the reader to determine how a change in mag
nHude of any te rm will affect the accident ratio. Terms with positive coefficient add 
to the accident ratio. A word of caution is appropriate concerning the magnitude of the 
coefficients. The ter m with the larges t coefficient (absolute value) does not neces
sarily make the largest contribution in affecting the accident ratio. 



The Relationship of Accidents to Length of 
Speed-Change Lanes and Weaving Areas on 
Interstate Highways 
JULIE ANNA CIRILLO, Bureau of Public Roads, Federal Highway Administration, 

U.S. Department of Transportation. 

This analysis was conducted on data collected for the Interstate System 
Accident Research, Study II. This study, which was initiated in 1961, 
has as its objective the determination of the relationship between the 
geometrics of the Interstate Highway System and its accident experi
ence. The analysis reported here is concerned with the relationship 
between length of weaving areas, acceleration lanes, and deceleration 
lanes and the accident experience of these types of units. Also con
sidered in the analysis was the number of vehicles utilizing these units 
and their relationship to the total number of vehicles using the Inter
state. Results of this analysis indicate that increasing the length of 
weaving areas will reduce the accident rate and that increasing the 
length of acceleration lanes will reduce accident rates if the percentage 
of merging vehicles is greater than 6 percent of the mainline volume. 
Increased length of deceleration lanes will also reduce accident rates 
but to a lesser degree than the comparable increase in length of accel
eration lanes. A smaller decrease in accident rate becomes apparent 
after the diverging traffic exceeds 6 percent of the mainline traffic. 
Only those variables specified in the report were considered, and 
therefore application of the results must be limited only to those 
variables. 

•THE CONCEPTS OF ADEQUATE FACILITIES for handling traffic have evolved from 
many observations and analyses of traffic performance and driver behavior. As traffic 
volumes have increased over the years, the design of highway facilities has changed to 
accommodate this increase and to provide for the safe and efficient movement of people 
and goods. Initially roads were unpaved paths used by horses and horse-drawn vehi
cles . The advent of the automobile necessitated paving and making other improvements 
to provide safe, comfortable travel. 

Among those improvements were additional lanes to provide better vehicular flow 
and barriers (either median, median barrier, or guardrail) to separate lanes of oppos
ing traffic. However, vehicles still entered and exited all roadways by means of at
grade intersections. The parkway, designed in the late 1920's, was the forerunner of 
the freeway, i.e., a high-speed facility with access to and from the facility controlled 
by a grade-separated interchange. This drastic design change also introduced ramps 
to connect the crossing roadway. Initially these ramps were attached directly to the 
through traffic lanes, necessitating speed changes either on the main roadway or on the 
ramp. Subsequent research has shown (2, p. 73), that the variations in speed among 
the vehicles on the main roadway cause hazardous situations. 

Paper sponsored by Committee on Operational Effects of Geometrics and presented at the 49th Annual Meet ing. 
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In addition ramps were neither designed for high speeds nor with sufficient length 
to allow a gradual speed transition. As the design of freeways improved and increased 
speed was possible, it became apparent that a modification to the existing design was 
necessary to aid the driver in executing the change in speed from the high-speed facil
ity to the exit ramp or from the entrance ramp to the high-speed facility. 

Thus the speed-change lane was developed and added to the end of the ramp adjacent 
to the main roadway to facilitate the speed changes. Many times these lanes were 
rather short, and some of the standards in use in the design of the Interstate System 
cause some queslions a!! to the proper length of these units (1, F' g . VITT- 8, p. 356). 
This is a report on an analysis of only one aspect of speed- change lanes: the effect of 
length on accidents. These lanes also have an operational aspect that, although related 
to safety, is not specifically considered in this analysis. This analysis was designed 
to determine the effect of providing additional length for J:>oth acceleration and decelera
tion lanes and for combined acceleration-deceleration lanes (weaving areas) on reduc
ing the accident rate in merging, diverging, and weaving areas of an interchange. 

Data used in this analysis were collected for the Interstate System Accident Research, 
Study II. This study, which was initiated in 1961, has as its objective the investigation 
of the relationship between the geometrics and the accident experience of the Interstate 
Highway System. Data were collected for this study by 24 state highway departments 
and were analyzed by the Bureau of Public Roads. 

DATA BASE 

Study sections, which are based at an interchange, were selected by each participat
ing state. Each study section consisted of the interchange plus one-half the distance to 

~ ~~~~ll~~~y~~~A USED IN 

!2] OTHER PARTICIPATING STATES 

D NOT PARTICIPATING 

Figure 1. States participating in Interstate System Accident Research, Study 11. 
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TABLE 1 

NUMBER OF STUDY SECTIONS BY STATE AND YEAR 

State 1959 1960 1961 1962 1963 1964 1965 Total Percent 

Ariz. 0 0 0 12 12 12 0 36 1.6 
Calif. 0 0 0 49 58 57 0 164 7.2 
Conn. 0 0 53 oa 53 0 0 106 4.6 
Ill. 0 0 64 116 132 157 157 626 27.4 
Ind. 0 1 28 37 40 41 0 147 3.4 
Kan. 0 0 29 46 46 0 0 121 5.3 
Mich. 0 0 0 65 0 0 0 65 2.8 
Minn. 0 0 0 0 0 13 3 16 0.7 
Miss. 0 0 0 0 0 6 6 12 0.5 
Mont. 0 0 0 0 16 23 0 39 1.7 
N.Y. 0 0 0 7 7 7 7 28 1.2 
N.C. 34 40 59 74 124 128 127 586 25.6 
N.D. 0 0 0 0 0 15 0 15 0.7 
Ohio 0 3 10 9 10 11 0 43 1.9 
Penn. 0 0 15 0 0 0 0 15 0.7 
R.I. 0 0 4 4 4 6 8 26 1.1 
S.D. 0 0 0 0 13 13 13 39 1.7 
Vt. 0 0 0 6 0 0 0 6 0.3 
Va. 0 2 11 14 27 48 48 150 6.5 
Wisc. _Q 16 16 16 0 0 0 48 2.1 

Total 34 62 289 455 542 537 369 2,288 

Percent 1.4 2.6 12.6 19.8 23.6 23.4 16.1 

aThe tape containing 1962 data for Connecticut was misplaced, and the omission was not discovered 
until after the analysis had commenced. 

the preceding and succeeding interchange. Each study section was then divided into 
study units. Any portion of the study section that has a unique function or feature such 
as a ramp, speed-change lane, or underpass was defined as a study unit. Study units 
on the main roadway between interchanges that did not fit into one of these categories 
were determined according to the following definition: " ... not more than 9,999 feet in 
length and homogeneous throughout with respect to its geometric characteristics" (3). 

For each study unit, extensive information was collected on highway characteristics, 
traffic characteristics, and accidents that occurred on the unit. The 20 states whose 
highway departments submitted the data used in this analysis are shown in Figure 1. 
Data from the four remaining highway departments were not available at the time of 
analysis. The data used in this analysis represent over 9,000 year-miles of data. 
Mileage was computed for both directions of travel. In addition, no distinction was 
made among the different years of data. The chronological distribution of the data 

CROSSROAD 

W! AVIHG .\fft A 
INTERSTATE 

Figure 2. Weaving area. 

is given in Table 1. 
Because of the rules devised for coding the 

study units, each ramp could be associated with 
the speed-change lane, either merging or di
verging, to which it was connected. A distinc
tion could also be made between merging and di
verging study units. In this way, the effects of 
merging and diverging traffic as well as through 
traffic would be analyzed. 

ANALYSIS 

The objective of this analysis was to deter
mine if the length of weaving areas, accelera
tion lanes, and deceleration lanes had any effect 
on the accident experience of these types of 
units. Only length of speed-change lanes, spec
ified traffic characteristics, and accident rate 
were considered. All traffic volumes reported 
are one-way, average daily traffic (ADT). 
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TABLE 2 

ACCIDENT RATE BY LENGTH OF WEAVING AREA AND 
ONE-WAY TRAFFIC VOLUMES 

Length of One - Way Trame Volumes Number of Accident 
Weavin~ Area (avg. no. ve hicles per day) Units Rate a 

(ft 

400 to 449 <10,000 17 85 

450 to 499 <10,000 9 105 
10,000 to 19,999 20 39 
20,000 to 29,999 18 525 

500 to 549 <10,000 9 97 
10,000 to 19,999 23 241 
20,000 to 29,999 19 239 
30,000 to 39,999 11 206 

>40,000 20 446 

550 to 599 <10,000 .14 60 
10,000 to 19,999 31 195 
20,000 to 29,999 16 233 
30,000 to 39,999 21 337 

>40,000 26 328 

600 to 649 <10,000 6 161 
10,000 to 19,999 33 94 
20,000 to 29,999 26 155 
30,000 to 39,999 20 230 

>40,000 15 300 

650 to 699 <10,000 18 52 
10,000 to 19,999 27 82 
20,000 to 29,999 
30,000 to 39,999 20 154 

>40,000 17 245 

700 to 749 <10,000 16 152 
10,000 to 19,999 38 49 
20,000 to 29,999 36 63 
30,000 to 39,999 25 128 

>40,000 16 209 

750 to 799 <10,000 11 77 
10,000 to 19,999 31 48 
20,000 to 29,999 
30,000 to 39,999 22 128 

>'40,000 15 228 

8 Number of accidents per 100 million merging and diverging vehicles . 

Combined Acceleration-Deceleration Lanes-Weaving Areas 

There were approximately 700 weaving areas in the data base utilized. (Weaving 
areas consisted of the acceleration-deceleration lane plus the adjacent main roadway. 
The length was measured as shown in Figure 2 and reported to the nearest 10 ft.) In 
this study, weaving areas only appeared on full cloverleaf and some types of partial 
cloverleaf interchanges. In the data base almost all weaving areas were classified as 
existing in urban areas. Thus, a stratification of the data by type of area was not 
possible. 

When investigating the safety aspects of weaving areas, we thought it reasonable to 
assume that the number of conflicts or potential accidents has some relationship to the 
amount of merging and diverging traffic. This relationship was investigated and the re
sults are given in Table 2. As expected, as the average daily traffic in one direction 
increases in a weaving area of a specific length, the accident rate exhibits a general 
upward trend. The information in Table 2 was also plotted and is shown in Figure 3. 
For one-way ADT greater than 10,000 vehicles, as the length of the weaving area in
creases, the accident rate decreases. For some volumes, this decrease in accident 
rate is quite severe; but for other categories, the reduction is of lesser magnitude. 
There appears to be no discernible trend for ADT under 10,000 vehicles, probably be
cause the sample in this volume category was limited or because the length of weaving 
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areas provided in areas of low volume is adequate. 
Thus it appears that the provision of longer weaving 
areas will effectively reduce the accident rate. 

Acceleration and Deceleration Lanes 

The arrangement of the data base allowed the in
vestigation of individual acceleration and deceleration 
lanes to be conducted ·n a slightly diffe-rent manner. 
{Acceleration or deceleration lanes are defined as the 
acceleration or deceleration lane plus the adjacent 
main roadway. The length of these units is measured 
as shown in Figure 4 and reported to the nearest 
10 ft.) Of major interest here was the relationship of 
accident rate to the 1·atio of merging or diverging 

"TABLE 3 

----"¥' DECELERATION --r---
LANE 

ACCELERATroN 
LANE 

INTERSTATE 

Figure 4. Acceleration and decelera
tion lanes. 

ACCIDENT RATE FOR ACCELERATION LANES 
OF VARIOUS LENGTHS 

Length of Percent Merging Number of Number of Accident Acceleration Lane 
(ft) Traffic Units Accidents Ratea 

<200 <2 27 14 81 
2.0 to 3.9 17 12 161 
4.0 to 5.9 21 14 157 
6.0 to 7.9 16 20 252 
8.0 to 9.9 18 33 350 

>10 27 30 448 

200 to 299 <2 17 9 77 
2.0 to 3.9 16 11 98 
4.0 to 5.9 14 8 141 
6.0 to 7.9 19 24 170 
8.0 to 9.9 20 31 275 

>10 42 49 376 

300 to 399 <2 15 10 70 
2.0 to 3.9 55 21 116 
4.0 to 5.9 30 17 141 
6.0to7.9 49 39 129 
8.0 to 9.9 35 67 200 

>10 70 121 292 

400 to 499 <2 19 8 69 
2.0 to 3.9 25 31 103 
4.0 to 5.9 38 58 130 
6.0to7.9 37 58 178 
8.0 to 9.9 90 50 200 

>10 178 123 300 

500 to 599 <2 4 68 
2.0 to 3.9 50 10 92 
4.0 to 5.9 82 35 118 
6.0 to 7.9 58 68 161 
8.0 to 9.9 116 76 199 

>10 205 99 250 

600 to 699 <2 18 11 64 
2.0 to 3.9 13 8 91 
4.0 to 5.9 65 25 128 
6.0 to 7.9 102 62 100 
8.0 to 9.9 143 87 153 

>10 214 151 193 

>700 <2 17 8 61 
2.0 to 3.9 12 6 90 
4.0 to 5.9 10 16 100 
6.0 to 7.9 212 118 123 
8.0 to 9.9 761 473 137 

>10 538 498 168 

8 Number of accidents per 100 million vehicles. 
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traffic to mainline volumes. This ratio was investigated in conjunction with the length 
of the individual spe·ed-change lane. 

The results of this analysis are given in Tables 3 and 4 and shown in Figure 5. As 
the percentage of merging or diverging traffic increases, the accident rate also in
creases regardless of the length of the speed-change lan~~. The increase in accident 
rate, however, is substantially greater on acceleration lanes thanondecelerationlanes. 
In addition, the shorter the length of the speed-change lane, eit,her acceleration or de
celeration lane, the higher the accident rate is rega1·dJes5 of the percentage of mergin.g 
or diverging h·affic. 

The range of accident rates for the various lengths of ;a,cceleraUon and deceleration 
lanes is shown in Figure 6. There is little difference in accident rates for acceleration 
lanes of various lengths when the percentage of merging traffic is less than 6 percent 
of the mainline traffic. Thus when merging traffic is less than 6 percent of the main
line traffic, the savings in accidents for the additional length of speed-change lanes 
probably would not offset the cost of the additional length. However, the wide spread 

TABLE 4 

ACCIDENT RATE FOR DECELERATION ):.ANES 
OF VARIOUS LENGTEIS 

Length of Percent Diverging Number of Number of Accident 
Deceleration Lane Traffic Units Accidents Ratea 

(ft) 

<200 <2 21 10 62 
2.0 to 3.9 17 14 65 
4.0 to 5.9 13 17 119 
6.0 to 7,9 18 23 151 
8,0 to 9.9 10 15 196 

>10 27 43 259 

200 to 299 <2 13 10 58 
2.0 to 3.9 19 19 69 
4.0 to 5.9 46 35 125 
6.0to7.9 28 56 140 
8,0 to 9.9 63 65 178 

>10 139 216 227 

300 to 399 <2 30 16 39 
2.0 to 3.9 52 120 60 
4,0 to 5.9 41 28 123 
6.0 to 7.9 193 105 124 
8.0 to 9.9 33 30 172 

>10 217 56 200 

400 to 499 <2 12 9 33 
2.0 to 3.9 38 24 60 
4.0 to 5.9 146 71 109 
6.0 to 7.9 97 40 129 
8.0 to 9.9 122 47 151 

>10 231 190 176 

500 to 599 <2 16 7 29 
2.0 to 3.9 20 8 58 
4.0 to 5,9 30 20 127 
6,0 to 7.9 42 23 105 
8.0 to 9.9 348 190 129 

>10 230 171 200 

600 to 699 <2 14 8 25 
2.0 to 3.9 41 16 41 
4.0 to 5.9 100 18 88 
6.0to7.9 57 31 120 
8.0 to 9.9 47 41 118 

>10 158 78 149 

>700 <2 17 6 39 
2.0 to 3.9 11 5 48 
4.0 to 5.9 37 12 79 
6.0to7.9 36 18 111 
8.0 to 9.9 44 31 112 

>10 177 166 148 

aNumber of accidents per 100 million vehicles. 
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of points for lanes between 6 and 7 .9, between 8 and 9.9, and greater th.an 10 percent 
indicates that, as the percentage of merging traffic increases beyond 6 percent, the ad
ditional length on acceleration lanes provides a significant savings in accidents. In ad
dition, increased length on acceleration lanes should improve the operation of the fa
cility if properly used by vehicle drivers . 

Relatively little benefit is obtained from additional length of deceleration lanes when 
the percentage of diverging traffic is less than 6 percent of the mainline volume. When 
the percentage of diverging traffic is over 6 percent, the length of the speed-change 
lane does provi!ie some benefit in terms of decreased accident rate; but this decrease 
is not of the same magnitude as was apparent on acceleration lanes as the closeness of 
the points indicates. 

The indication here is that additional length on speed-change lanes will be beneficial 
m terms of reduced accident rates if the percentage of merging or diverging traffic is 
above 6 percent. Increased length on acceleration lanes appears to be more beneficial 
than increased length on deceleration lanes, but deceleration lanes are, in general, safer 
than acceleration lanes regardless of the length of the lane and the percentage of merg
ing or diverging traffic. 

CONCLUSIONS 

Results of this analysis indicate that increasing the length of weaving areas will de
crease the accident rate. Accident rates on individual speed-change lanes exhibited a 
similar relationship with length. The effect of increasing the length of acceleration 
lanes appears to be substantial when the percentage of merging traffic is above 6 per
cent. The effect of increasing the length of deceleration lanes is not as great. Thus 
the relative benefit (i.e., savings in terms of lower accident rates) is greater from 
longer acceleration lanes than from longer deceleration lanes. For a given length of 
acceleration or deceleration lane, the accident rate increases respectively as the per
centage of merging or diverging traffic increases. 



26 

REFERENCES 

1. A Policy on Geometric Design of Rural Highways. American Association of State 
Highway Offic'ials, Washington, D. C ., 1965. 

2. Cirillo, J . A. Interstate System Accident Research Study II, Interim Report II. 
Public Roads, Vol. 35, No. 3, Aug. 1968, pp. 71-74. 

3. Interstat System Accident Research Revised Procedure Manual. Traffic Systems 
Division, U.S. Bureau of Public Roads, Aug. 1961. 

Discussion 
W.R. BELLIS, Manasquan, N. J.-Thls paper is on a very important subject and helps 
to validate experienced judgment. Simila!' analysis should be undertaken for all design 
features. It iS often said that good highways are safe highways, and there is no doubt 
about this· but what constitutes a good highway? Each generation prides itself with 
building good highways, and they justify expenditures (which far outstrip the cost of the 
old) on promised reductions in accidents, injuries, and fatalities. 

Road design of today is only better than that of yesterday when we can differentiate 
conclusively between the good and the bad as proven by the severe test of public use. 
The overall problem is very complex. We make improvements here and there within 
our ability, but after due reflection we note that the accidents, injuries, and fatalities 
have continued to increase unchecked no matter how we analyze the accident experience. 
Yes, we can draw attention to a few design features or even a few sections of modern 
highways that are relatively safer than selected old sa.in1)les. This we do repeatedly; 
but it is also possible to select modern designs that have a record much worse than 
certain selected old designs. This we do not do. The cases where we can demonstrate 
improvement must be very insig:nilicant compared to the overall picture; otherwise, 
their impact would be recognizable in the overall record or the improvement at one 
location has only aggravated the condition at another location. 

Let us assume that a section of road or a system of roads is divided into 2 equal 
parts AB and BC; the overall accident rate for AC is 1,000 accidents per 100 million 
vehicle miles and the rate for AB and BC each is also 1,000. The BC half is modern
ized, and the expectation is that the accident rate will be reduced by 30 percent from 
1,000 to 700. After the modernization, the accident rate for AC is 1,200 or an increase 
of 20 percent. .Although the expected accident reduction did materialize on BC, in order 
to have a rate of 1,200 on AO, the rate on AB increased 70 percent to 1, 700 after the 
modernization of BC. 

This is an explanation of what is going on in every state in the country. We are 
making improvements within our ability, but we do not have the ability to reduce the 
accident rate · instead we are witnessing a continuing increase in the rate. The con
clusion can only be th~l.l we must not be doing the right thing. 

The definition of terms is very often a problem for the reader. Cirillo states "the 
effects of merging and diverging as well as through traffic could be analyzed." She 
also states "the number of conflicts or potential accidents has some relationship to the 
amount of merging and diverging traffic." And then, "as the average daily traffic in
creases ... the accident rate exhibits a general upward trend ." 

Therefore, by deduction, merging traffic is that traffic that enters the main road
way; diverging traffic is that traffic that leaves the main roadway; and the through traf
fic is that traffic that stays on the main roadway. For example, assume that 30,000 
vehicles approach a weav'ing area, 10,000 enter the main roadway from a ramp or side 
road, and then downstream from this point 8,000 leave the main roadway to· enter a 
ramp or side road . Cirillo apparently calls the 10,000 cars "merging" and the 8,000 
cars "diverging," and by her definition of accident rate "traffic volume" or "ADT" 
means the average daily merging or diverging traffic and does not include the through 
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traffic. In the discussion of speed-change lanes, it is not clear what is meant by 
"mainline." In the preceding example, is 30,000 or 40,000 the mainline traffic for the 
merging condition, and is 40,000 or 32,000 the mainline traffic for the diverging 
condition ? 

I would prefer that merging or diverging traffic meant the sum of the 2 approaching 
traffic streams or the sum of the 2 separating traffic streams. In my example, there 
would be 40,000 merging cars. Cirillo states that, for a weaving area of specific 
length, the accident rate inc,reases as the average da.ily traffic entering and leaving the 
main roadway increases. In the preceding example, if the 10,000 vehicles should be
come 15,000, the 8,000 should become 12,000 (a 50 percent i11crease), and the 30,000 
should become 12,000, I am sure that the accident rate as defined would decrease. H 
the 10,000 and the 8,000 should remain constant and the 30,000 should increase to 
60,000, I believe the accident rate as defined would increase. I am sure that the acci
dent rate is a function of the through traffic as well as the turning traffic. H the anal
ysis were made similarly but the volumes of through traffic were held as constants, the 
gene1·al conclusions would be the same but much more valid. 

I am very surprised at the large volume categories for the traffic entering and leav
ing the weaving areas from and to the ramps or side roads. 

It should be made clear which accidents are included. Are all accidents in the weav
ing area and the immediate approaches to and departures from the weaving areas in
cluded? Or are only those accidents included that are interpreted as involving only ve
hicles making either an entering or a leaving movement? 

Cirillo states that, as the percentage of merging or diverging traffic increases, the 
accident rate increases. Assume that there is a merging condition where 10,000 cars 
on the main roadway are joined by 800 cars from the side. This is 8 or 7 .4 percent 
merging traffic (as defined) depending on whether the mainline traffic is 10,000 or 
10,800. Now, if the 10,000 should reduce to 8,000 and the 800 should not change, the 
percentage of merging traffic would be 10 or 9.1. I fail to see how there would be an 
increase in the accident rate, e"specially as the accident rate is defined. Also, if the 
10,000 should increase and the 800 remain constant, the percentage of vehicles merg
ing would decrease ; therefore, according to Cirillo, the accident rate would decrease. 
Certainly the number of accidents would increase and, because the number of merging 
vehicles stays constant, the rate would increase. 

If the 10,000 is ta.ken as mainline traffic and the 800 increases, then the percentage 
of merging traffic increases and the paper shows that the accident rate increases. In 
this case, however, the accident rate increases as the number of merging (as defined) 
vehicles increases. Then why not use number of vehicles instead of converting to a 
percentage? The same comments apply for diverging (decelerating) speed-change lanes 
as for the merging (accelerating) speed-change lanes. 

Cirillo states that the longer the acceleration or deceleration lane, the lower the 
accident rate will be. This is a very important observation. I think such curves would 
be very helpful if illustrated. She also finds that increasing the length of acceleration 
lanes is more beneficial than increasing the length of deceleration lanes. To me, in
creasing the length of both is very beneficial. From her plottings I deduce that, with 
the 8 to 9.9 percent category, the accident rate is 74 percent greater for merging and 
46 percent greater for diverging on a speed-change lane, from 200 to 299 feet than on a 
speed-change lane from 600 to 699 feet. Both are of sufficient benefit to justify addi
tional lengths. 

I hope that Cirillo and others having extensive data available to them will continue 
and even accelerate such studies and make the results available to others so that ulti
mately conclusive evidence is available to justify the cost of improvements that will 
really reduce the accident rate. Apparently such improvements will be radically dif
ferent from those made by current practices. 
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S. R. BYINGTON, Bureau of Public Roads, Federal Highway Administration, U.S. 
Department of Transportation-It is frequently observed by research personnel and 
administrators that the "true" value of a piece of research work may not be known until 
a long time, perhaps years, after the work is completed. But, the "true" value of a 
piece of research is never totally known for as long as there are people; and as long 
as people are characterized by change, the value of things, including research, will be 
subject to change. Still, value being person-space-time related, there is always the 
need to know how scientific output can be immediately applied by those on the opera
tional sid& of a profession. Accordingly, the Iollowing discussion is devoted to the 
possible app1ication of Cirillo's research .results. 

Based on the independent variables examined-speed-change lane lengths and ramp 
and mainline volumes-there are potentially 2 possible applications of the research re
sults: (a) establishment of refined design criteria for minimum speed-change lane 
lengths, and (b) establishment of gross safety guidelines that should be considered in 
the ramp metering of traffic. 

Only the first potential application is studied here with respect to deceleration, ac
celeration, and weaving area speed-change lanes. The examination of these geometJ:ic 
elements includes an abbreviated review of existing design criteria and their compari
son with the findings in the reviewed paper. The second potential application is not 
studied because of the apparent need for more refined analysis of the existing data base. 

Deceleration Lanes 

Currently, desirable lengths of deceleration lanes are determined as a function of the 
following 3 factors: "(a) the speed at which drivers maneuver onto the auxiliary lane; 
(b) the speed at which drivers turn after traversing the deceleration lane; and (c) the 
manner of decelerating or the deceleration factor" (1, p. 348). From these assumptions, 
desirable lengths of deceleration lanes are calculated for various combinations of high
way and exit curve (ramp) design speeds. The calculated lengths for those design speed 
combinations prevalent in Cirillo's data base and kindly supplied by her on request are 
given in Table 5 (!, p. 351). 

Location 

Rural 

Urban 

TABLE 5 

RECOMMENDED LENGTHS FOR DECELERATION LANES 

Highway 
Design Speed 

(mph) 

70 
70 
BO 
BO 

50 
50 
60 
60 

Exit Curve 
Design Speed 

(mph) 

25 
35 
25 
30 

25 
25 
20 
~5 

Deceleration 
Lane Length 

550 
525 
650 
600 

375 
350 
475 
450 

Comments 

Sixty-five percent of Cirillo's 
data base involved decelera
tion lanes in rural areas for 
which the mainline design 
speeds were all 70 mph or 
greater. Exit ramps (as
sumed to b-0 predom lnanUy 
diamond) had design speeds 
of 30 mph or greater In 90 
percent of the cases. 

Thirty-five percent of Ciril
lo's data base involved de
celeration lanes In urban 
areas for which the main
line design speeds were 
about evenly split between 
SO and 60 mph. Exit ramps 
{assumed l.o consist of loops , 
outer connecUons, and the 
Uke) had design speeds of 
20 and 25 mph in 80 to 90 
percent of the cases de
pending on the exact type 
of ramp. 
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Figure 6 offers a comparison with the deceleration lane lengths given in Table 5 and 
demonstrates quite clearly the safety advantages of a minimum 600 to 700 ft decelera
tion lane length. Figure 6 shows that, regardless of the percentage of diverging traffic 
except for one grouping, the lowest accident rate occurred on deceleration lanes of 
600 ft or greater. Even for the one exception, when the percentage of diverging traffic 
was 6.0 to 7 .9 percent, the second lowest accident rate occurred when the deceleration 
lane length was 700 ft or greater. Such results indicate that the existing recommended 
minimum deceleration lane lengths are too low. 

However, before such a change is recommended, the study's data should be reana
lyzed with rural and urban deceleration lanes separated. Such an analysis might reveal 
different optimum lengths for rural and urban deceleration lanes. If the sample size 
permits, an even finer analysis should be made that would consider the effect of vary
ing combinations of mainline and ramp design speeds on accident rates. The results 
could then be directly compared with the ex.isling design standards and, when combined 
with a cost analysis, used in determining how or if the existing standards should be 
modified. The importance of such an analysis is emphasized by the large percentage, 
65 percent, of short deceleration lanes, 500 ft or less, found in the study's sample of 
deceleration lanes. 

Other refinements might include grouping by geometric type of ramp, such as dia
mond or clover, or total length of ramp because portions of the ramp itself can func
tion as an acceleration or deceleration lane. 

Acceleration Lanes 

Factors similar to those employed for determining deceleration lane lengths are 
used presently in establishing minimum acceleration lane lengths. If design speed com
binations similar to those in Table 5 are used, the recommended lengths for rural and 
urban areas are respectively in the ranges of 1,300 to 1,400 ft and 600 to 1,000 ft (1, 
p.351). -

Figure 6 shows that, regardless of percentage of merging traffic, the optimum lane 
length is 700 ft or greater. Thus, there is fairly good agreement in desirable lane 
lengths between existing standards and that supported by accident analysis. The one 
question remaining is whether additional refinement of the present study data, in terms 
of acceleration lane le11gth groupings, would have shown increased accident savings as 
the lane length increased. As shown in Figure 6, this may be particularly important 
where the percentage of merging traffic exceeds 6 percent. 

Weaving Areas 

Weaving area length, weaving volume, and quality of flow are the basic variables 
incorporated in the weaving volume determination chart presented in the Highway Ca
pacity Manual (.!, p. 166). Thus, to determine the recommended length of weaving 
section requires knowing both the total weaving traffic and quality of flow. Because 
this information was not available in the reviewed study, no comparison could be made 
between existing design standards and the results obtained by Cirillo. Nevertheless, 
the results are still of interest, for Figure 3, all volumes, shows that, regardless of 
the weaving section traffic volume, the ~ccident rate continually decreases as the weav
ing area length increases up to a length of around 700 to 750 ft. Consideration of acci
dent and construction costs might then dictate that the length of a combined acceleration
deceleration lane be 700 ft. Additional increases in the length of such lanes is question
able because the accident rate levels off at this distance. 

Reference 

4. Highway Capacity Manual-1965. HRB Spec. Rept. 87, 1965. 
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JOHN A. DEACON, University of Kentucky-In this study of accident rates at speed
change lanes and weaving areas, Cirillo has limited her evaluation to 2 independent 
variables, namely, length of lane or area and traffic volumes. Some of the unexplained 
variability in the reported data is doubtlessly due to the omission of other significant 
independent variables. Row ever, some portion of the unexplained variability is prob
ably due to an improper selection of the pertinent volume variables. 

Consider for illustrative purposes the case of merging traffic at an on-ramp. It is 
hypothesized that the accident rate is a function of (a) the probability of conflict be
tween merging and through vehicles, (b) the ability of drivers to detect potential con
flicts, and (c) the ability and willingness of drivers to make adjustments necessary to 
avoid such conflicts. The probability of conflict is in turn a function of factors such as 
relative speeds and the volumes in each of the merging and through lanes. The drivers' 
ability to detect potential conflicts is a function of factors such as sight distance and 
angle of merge. Finally, their ability and willingness to make required adjustments 
are functions of factors such as acceleration lane length, gradient, and vehicular ac
celerative characteristics. 

For merging areas, Cirillo has identified the pertinent volume variable as the per
centage of merging traffic. It is a simple matter to show, however, that the expected 
number of potential conflicts is a function of volume on the through facility as well as 
the percentage of merging traffic. Figure 7, which is based on certain simplifying as
sumptions concerning peak-hour fractions, directional and lane distributions, gap dis
tribution and critical size and the like supports this conten on. Might it not be rea
sonable to assume, therefore, that traffic volume on the through facility is equally as 
important in its effect on accident rate as percentage of merging traffic? Similar anal
yses would indicate the importance of extending the number of volume variables for 
both weaving areas and deceleration lanes as well as for acceleration lanes. 

In order to evaluate the effect of length of speed-change lane on accident rates, a 
plot such as that shown in Figure 8 is preferred to Figure 6. Figure 8 is based on 
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Figure 7. Merging conflicts for 7 percent merge volume. 
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Figure 8 . Effect of length of speed-change lanes on accident rates. 
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700 

Cirillo's data as shown in Figures 3 and 5 with individual points being omitted for 
clarity. It shows that the reduction in accident rate (reduction in accidents per 100 
million vehicles) for each 100-ft increase in length of speed-change lane varies from 
about 6 to 25 for deceleration lanes and from about 3 to 45 for acceleration lanes, de
pending on the percentage of merging or diverging traffic . 

Cirillo implies that, when merging or diverging volumes are less than 6 percent of 
the mainline volumes, increased length of a speed-change lane is not justifiable from 
the Viewpoint of accident reduction. Let thEi reader be cautioned to avoid considering 
this 6 percent level as invariant because (a) there is no abrupt change in accident rate 
at this level of merging or diverging, (b) an explicit economic analysis was not re
ported, and (c) factors other than safety are important. 
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The extensive accident data of this study have potentially significant lmplications 
for the pr oper design of speed-change lanes and weaving areas because safety together 
with capacity, speed, operational flexibility, cost, and service constitute fundamental 
design criteria. However, it should be noted that Cirillo has not chosen to fully exam
ine the design implications of her findings. To enable the reader to do this for him
self would require minimal additional information such as the number of study units in 
each of the various data categories as well as the corresponding number of accidents 
and traffic volumes . 



A Safety Evaluation of Current Design Criteria 
for Stopping Sight Distance 
JOHN C. GLENNON, Texas Transportation Institute, Texas A&M University 

This paper presents a review of the current AASHO design standards and an 
evaluation of these standards based on existing practices. The evaluation 
considered the criteria that were employed in developing· the standards and 
that include driver perception-reaction time, design friction factors, as
sumed speeds for design, driver's eye height, and object height. 111 addi
tion, the report proposes a new philosophy for sight distance design, a phi
losophy that considers the visual requirements for safety depending on 
operational conditions. 

•ABILITY TO SEE THE ROADWAY ahead is of the utmost importance in the safe and 
efficient operation of a highway. The path and speed of vehicles on the highway are 
subject to the control of drivers whose training is largely elementary. If safety is to 
be built into highways, the design rpust provide sight distance of sufficient length to 
permit drivers enough time and distance to control the path and speed of their vehicle, 
in order to avoid unforeseen collision circumstances. 

There has been an increasing concern by highway and traffic engineers regarding 
the validity of the basic criteria that are fundamental to geometric design standards. 
The design standards for stopping sight distance employed by most state highway de
pa.rtments are taken from "A Policy on Geometric Design of Rural Highways" published 
by the American Association of State Highway Officials (1). The design criteria for 
stopping sight distance presented by AASHO are based on studies conducted between 
1934 and 1953 . As such, they may no longer be representative because vehicle, road
way, and driver characteristics have changed. In addition, there are uncertainties re
garding the assumptions employed in establishing the safe stopping distance design 
standards. 

This research study was addressed to an evaluation of the validity of the AASHO 
standards for safe stopping sight distance. The method of study employed a compre
hensive review of current stopping sight distance standards and an evaluation of their 
validity, based on an analysis of existing practices. 

STOPPING SIGHT DISTANCE DESIGN STANDARDS 

A comprehensive description of the AASHO highway design standards on stopping 
sight distance is offered as a basis for an evaluation of their validity (1, pp. 134-140, 
147-149). -

Stopping Sight Distance Defined 

The AASHO Policy defines sight distance as "the length of highway ahead visible to 
the driver ." The minimum sight distances available should be sufficiently long to en
able a vehicle traveling at or near the likely top speed to stop before reaching an object 
in its path. Although greater length is desirable, sight distance at every point along 
the highway should be at least that required for a below-average driver or vehicle to 
stop. Minimum stopping sight distance is the sum of 2 distances: (a) the distance 
traveled by the vehicle during the period of perception and brake reaction and (b) the 
distance required to brake the vehicle to a stop. 

Paper sponsored by Committee on Operational Effects of Geometrics and presented at the 49th Annual Meeting. 
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Brake Reaction Time 

Many studies have been conducted to determine the brake reaction time of drivers. 
These studies show that the brake reaction time for most people is from 0.5 to 
0.7 sec (1). Some drivers react in a shorter time and some require a full second 
or more:- One of the primary variables is age of the driver; as the driver becomes 
older , his reaction time becomes greater (2). The AASHO Policy states: "For safety, 
a reaction time that is sufficient for most operators J ralher than for the average opera
tor, should be used in any determination of minimum sight distance. A brake reaction 
time of a full second is assumed herein." 

Perception Time 

Perception time, as considered here, is "the time required for a driver to perceive 
the need for brake application." It is the time lapse from the instant an object is visi
ble to the driver to the instant he realizes that the object is in his path and that a stop 
is required. Little is known about the exact time required for driver perception. It 
varies with the ability of the driver, his emotional and physical condition, and the 
visibility of the object. At high speeds, perception time may be less than at low speeds 
because the driver is more alert; however, the longer distances associated with higher 
speeds may require more time because of the degradation in visual acuity associated 
with higher speeds (~). 

Perception-Reaction Time 

Research data on perception time are very limited. Most available data combine 
perception time with brake reaction time. One study (4) conducted with alerted drivers 
determined an average combined value of 0.64 sec, \vitl'l 5 percent of the drivers re
quiring over 1 sec. Under such conditions, perception time can be expected to be a 
small portion of the total perception-reaction time. The study concluded that the 
driver requiring 0.2 to 0.3 sec of perception time would require 1.5 sec for normal 
highway conditions. In another study (5) with alerted drivers, combined values ranged 
from 0.4 to 1.7 sec. Supplemental unpublished data in a study (6) of passing maneu
vers showed that a perception time of approximately 1 sec was required for drivers 
to analyze and begin a passing maneuver. 

The AASHO Policy considers the data from these studieB in arriving at a value for 
perception-reaction time for use in stopping sight distance design. It states: 

A significant feature of these comparative tests is that the total perception and brake reaction 
time for highway conditions may be several times that for laboratory conditions, and it is evident 
that perception time is greater than brake reaction time. In determination of sight distance for 
design, the perception time value should be larger than the average for all drivers under normal 
conditions. It should be large enough to include the time taken by nearly all drivers under most 
highway conditions. For such use herein it is assumed that the perception time value is 15 seconds, 
and the total of perception and brake reaction time is 2.5 seconds. Available references do not 
justify distinction over the range in design speed. 

Braking Distance 

The approximate braking distance of a vehicle on a level roadway may be deter
mined by using the standard formula 

where 

d =braking distance, ft, 
V = initial speed, mph, and 
f = coefficient of friction between tires and roadway. 

In this formula the coefficient of friction, f, is an equivalent constant value represent
ing the entire speed-change interval from V to zero mph. Measurements show that f 
is not the same for all speeds ('.!..) . It decreases as initial speed increases . It varies 
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because of several physical elements such 
as tire pressure, tire type, tire tread 
depth, type and condition of pavement, and 
the presence of water, snow, ice, or mud. 
These variables are accounted fo1· if the 
coefficient of friction, f, is computed for 
each test from the standard formula 
d = V' /30 f. It thus represents the equiva
lent constant friction factor. 

Design Friction Factors 

In developing design values for the 
friction factor, f, AASHO considered the 
results of several investigators (5, 8, 9). 
Figure 1 shows the curves relating fric
tion factor, f, to vehicle speed (1, Fig. 
III-1). For several of these curves, the 
friction factor, f, was calculated by using 

o.2 .__ _ _,~ _ _,.__ _ _,.__ _ _,'--_ _____, the standard formul.a because 2 of the in-
20 

30 s~~o oF vE:CtE Go 
7
() vestigators recorded speed and stopping 

distance only (5, 8). 
Curves 1 to 6 in Figure 1 are from a 

study (8) in which more than 1,000 mea
surements of forward stopping distance 

Figure 1. Relationship between friction factor and 
speed for several conditions. 

were made on 32 pavements, both in wet 
and dry conditions. Several types of tires were used. Curves 7 and 8 are representa
tive of several curves developed in a study (9) that recorded friction factors on 50 sur
faces tested when dry by using 3 different methods and 3 types of tires. Curves 9 and 
10 from the same study are representative of wet conditions. Curve 11 is the calcu
lated equivalent friction factor for stopping distances, measured (~) on a new high
quality pavement; these were the only tests that included stops from 60 and 70 mph. 
This curve represents an average of all stops measured. 

---
0.51----1----+----~----------l 

O~'-----'-------'------'---.._---'----' 
20 30 40 so 60 70 eo 

SPEED OF VEHICLE 

Figure 2. Friction factor values for stopping sight distance design. 
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The AASHO Policy in concluding its establishment of design values for the friction 
factor makes the following remarks: 

Because of lower coefficients of friction on wet pavements as compared to dry, the wet condition 
governs in determining stopping distances for use in design. The coefficients of friction used for 
design criteria should not only represent wet pavements in good condition but also surfaces through
out their useful life. The values should encompass nearly all significant pavement surface types and 
the likely field conditions. They should be such as to be safe for worn tires, as well as for new 
tires, and for nearly all types of treads and tire composition. And, the friction factor should safely 
encompass the differences in vehicle and driver braking from different speeds. On the other hand, 
the values need not be so low as to be suitable for obsolescent or bleeding surfaces or for pave-
ments under icy conditions. Preferably, the f values for design should be nearl.y all inclusive, rather 
than average; available data are not fully detailed over the range for all these variables, and conclu· 
sions must be made in terms of the safest reported average values. The lower curve in Figure I I I· 1 B 
gives the f values assumed for calculation of design stopping distances, recogniiing these factors. 
Comparison with the curves of Figure II 1·1 A shows them to be both practical and conservative. 

Figure 2 shows the friction factor values for design referred to in this quotation 
(..!:., Fig. III-lB). 

Assumed Speed for Conditions 

The AASHO Policy states that it is not realistic to assume that travel will occur at 
full design speed when conditions are wet. It states: 
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While the degree to which speeds are lower in inclement weather is not known precisely, it is 
definite that top speeds will be somewhat lower on wet pavements than on the same pavements in 
dry weather. For use herein the speed for wet conditions is considered to approximate 80 to 93 
percent of design speed which, as previously explained, is indicative of the top speeds when pave
ments are dry. These speeds are the same as average running speeds for low volume conditions 
as shown in Figure 11-16. 

Figure 3 shows the relationship between 
average running speed and design speed 
(!.,Fig. Il-16). The AASHO Policy refers 
to data collected to establish these curves 
but does not give a source, either published 
or unpublished. The relationship was sup
posedly established from data that related 
average spot speed to design speed on 
horizontal curves. 

Minimum Stopping Sigllt Distance 
Design Values 

The SWl of the distance traveled during 
the perception and brake reaction time and 
the distance required to stop the vehicle, 
is the minimum stopping sight distance. 
Table 1 gives the AASH.O Policy design 
values (and their bases of computation) 

2030...,_~~-.~o~~--'50~~~6~0~~~,~o~~--'eo 

DESIGN SPEED - M P.H 

for minimum stopping sight distance. Com
parative check values for dry pavements 
are shown in the lower part of Table 1. 
These are computed by use of full design 
speed and £-values for dry pavements as 
shown in the upper part of Figure 2. 

RUNNING SP EEO IS THE SPEED (Of AN INOIVIOUAL VEHICLE) OVER 
A SPECIFIED SECTION OF HIGHWAY, BEING DIVIDED BY RUNNING TIME. 

AAVEFlA.CE IUJ.NNING SPE£D IS THE AVERAGE FDR ALL TRAFFIC OR 
COH P'ONEN't OF TAAFFIC, BEING THE SUMMATION OF DISJANCES 
OIVlO(D &'t THE S\JHHATID" OF RUNNING TIMES. IT IS APPROXl-
MTE'l.'I' EiQU"L TO THE .-.YEAAGE OF THE RUNNING SPEEDS OF ALL 
VEHICt.ES 9EING CONSIDERtD, Effect of Grades on Stopping 

Figure 3. Relationship between average running 
speed and design speed. 

When a highway is on a grade, the stan
dard formula for braldng distance is 
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v2 
d = 30 (f. + G) 

in which G is the percentage of grade divided by 100, and the other terms are as pre
viously stated. Table 2 gives the extent of the grade corrections of the AASHO design 
values for stopping sight distance. 

Criteria for Measuring Sight Distance 

All the material presented previously deals with the design level required for ade
quate stopping sight distance based on driver and vehicle performance levels. To apply 
these minimum stopping sight distances in the design procedure requires geometric 
considerations of the highway alignment (both horizontal and vertical), the height of the 

TADLE I 

DESIGN STANDARD FOR MINIMUM STOPPING SIGHT DISTANCE 

Assumed Perception-Reaction Coefficient Braking Stopping Sight Distance 
Desir;n Speed for of Distance 
Speed Condition Time Distance Friction on Level Computed Rounded for 
(mph) (mph) (sec) (ft) (ft) (ft) (ft) Design 

(ft) 

Wet Pavements 

30 28 2.5 103 0.36 73 176 200 
40 36 2.5 132 0.33 131 263 275 
50 44 2.5 161 0.31 208 369 350 
60 52 2.5 191 0.30 300 491 475 
65 55 2.5 202 0.30 336 538 550 
70 58 2 .5 213 0.29 387 600 600 
75a 61 2.5 224 0.28 443 667 675 
80a 64 2.5 235 0.27 506 741 750 

Comparative Values-Dry Pavements 

30 30 2.5 110 0.62 48 158 
40 40 2.5 147 0.60 89 236 
50 50 2.5 183 0.58 144 327 
60 60 2.5 220 0.56 214 434 
65 65 2.5 238 0.56 251 489 
70 70 2.5 257 0.55 297 554 
75 75 2.5 275 0.54 347 622 
80 80 2.5 293 0.53 403 696 

aoesign s:peeds of 75 and 80 mph are applicable only to highways with full control of access or where such control is planned in the future. 

TABLE 2 

EFFECT OF GRADE ON STOPPING SIGHT DISTANCE 
FOR WET CONDITIONS 

Correction in Stopping Distance (ft) 

Design 
Assumed 

Speed Speed for Percent Decrease Percent Increase 

(mph) Condition for Upgrades for Downgrades 
(mph} 

6 

30 28 10 20 10 20 30 
40 36 10 20 30 10 30 50 
50 44 20 30 20 50 
60 52 30 50 30 80 
65 55 30 60 40 90 
70 58 40 70 50 100 
75a 61 50 80 60 120 
8oa 64 60 90 70 150 

8
Design speeds of 75 and 80 mph are applicable only to highways with full control of access or where 
suc:h control is planned in the future , 
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driver's eye, and the height of the object. Sight distance along a highway is measured 
from the top of an object on the traveled way when it first comes into view. The gen
eral equations used in the design for stopping sight distance over crest vertical curves 
are 

L = 2S - 200 (~ + /ifa)2 
for S > L 

and 

L = As2 for S < L 
200 (lfu + v'fu)2 

where 

L = length of vertical curve, 
S =sight distance, ft, 
A = algebraic difference in grade over the crest, 

H1 = height of driver's eye, ft, and 
H2 = height of object, ft. 

The equation used in the design for stopping sight distance on horizontal highway curves 
is 

R R- m 
S = 28 .65 cos -1-R-

where 

S = sight distance, ft, 
R = radius of highway curve, ft, and 
m = distance in between obstruction and the centerline of the inside lane. 

For more than 20 years, the AASHO design policies (1, 10) based stopping sight 
distance criteria on a driver's eye height of 4.5 ft above 1heground. In 1965, the 

AASHO Policy adopted a height of 3.75ft. 
A study by Stonex (11) probably influenced 
this decision. Pe1·centile distributions of 

46 52 56 
EYE HEIGHT- INCHES 

Figure 4. Percentile distribution of driver's eye 
height for automobile models of various years. 

"average" driver eye heights are shown 
for automobile models of various years 
in Figure 4. Median driver eye height has 
decreased from 56 .5 in. in 1936 to 47 .5 in. 
in 1960. Stonex surmised that average 
driver eye heights would not fall below 
about 42 in. because of the need for auto
mobiles to conform with sight distance 
constraints of existing highways. 

Minimum stopping sight distance is 
based on the distance rectuired to stop 
safely from the instant a stationary object 
in the same lane becomes visible. On 
crest vertical curves, this point is limited 
by some point on the road surface. For 
horizontal cur ves, it is limited by a lateral 
obstruction beyond the roadway on the in
side of the curve. The height of object 
that should be used to measure stopping 
sight distance on crest vertical curves 
has been a controversial subject (!.,10). 
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The safest height of object would be zero (i.e., the surface of the roadway would be 
visible to the driver for the full length of the minimum s topping sight distance). Using 
this criterion, however, could result in long vertical curves requiring considerable 
excavation cost. The height should not be more than the approximate 2-ft height of 
vehicle taillights. On the other hand, this height would allow questionably short verti
cal curves, because lower objects on the road, such as small animals, merchandise 
dropped from a truck, or rocks rolled from a side cut, may have to be seen to avoid a 
collision. 

Examination of the required lengths of vertical curves for the minimum stopping 
sight distance (AASHO design values) in conjunction with various heights of objects in
dicates a significant relationship. The AASHO Policy states: 

Plottings (not shown) of lengths of vertical curves with respect to height of object, for any one 
condition of sight distance and algebraic difference in grades, reveal that the required length of 
vertical curve diminishes.very rapidly as the height of object is increased from 0 to about 6 inches; 
for greater object heights, the reduction in length of vertical curve is progressively less significant. 
Substantial economy in construction (as reflected in the depth and volume of excavation due to 
shortening of vertical curve) is effected by using a 6-inch object instead of the desirable zero value, 
yet the ability to see or appraise a hazardous situation is not materially altered. A height of 6 inches 
is assumed for measuring stopping sight distance on crest profiles. 
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L = MINIMUM LENGTH OF VERTICAL CURVE, FEET 

Figure 5. Relationship between stopping sight distance and 
length of crest vertical curve for eye height of 3.75 ft and 

object height of 0.5 ft. 

These criteria for height of eye 
and height of object represent a 
departure from the 1954 AASHO 
Policy. For the 1954 Policy, the 
height of eye was assumed to be 
4.5 ft. The same analysis as de
scribed earlier was used in the 
1954 Policy to conclude that a 4-in. 
object height should be used in de
sign. If 3.75 ft for the height of 
eye and 0.5 ft for height of object 
are used, the general equations for 
the length of vertical curve may be 
modified as follows: 

L = 2S -
1•!98 

for S > L 

~ 
L =1398 

I 

for S < L 

Figure 5 shows the relationship 
between length of vertical curve 
and sight distance for various alge
braic differences in grade. 

The height of object in deter
mining stopping sight distance on 
horizontal highway curves is not 
as significant as that on vertical 
curves. Where the lateral sight 
obstruction is vertical, all heights 
of object may be seen at the same 
distance. Where the obstruction 
is an inclined cut slope, sight 
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distance is affected somewhat by the height of object, but the effect is not large. For 
consistency, the AASHO Policy uses the same height criteria on both horizontal and 
vertical curves, i.e. , 3.75-ft eye height and 6-in. object height. 

EVALUATION OF STOPPING SIGHT DISTANCE DESIGN STANDARDS 

This discussion includes the evaluation of the validity of the following criteria em
ployed in the AASHO stopping sight distance standards : perception and br ake r eaction 
times, braking distance equation, design values for the friction factor, assumed speeds 
for design, driver eye height , and object height. 

Perception and Brake Reaction Time 

The time interval of the stopping process, commonly called the perception-reaction 
time, is a very complex phenomenon. It is highly variable, dependent on the driver 's 
psychological and physiological characteristics as well as the condition to be perceived. 
This may explain the lack of research to measure driver perception-reaction values in 
actual highway driving situations. 

There are, however, conceptual explanations of the perception-reaction phenomenon. 
For example , Matson , Smith, and Hurd (12) describe the phenomenon as being com
posed of 4 elements: perception, intellection, emotion, and volition. Perception time 
is described as the time interval between the visibility of an object and the recognition 
of the object through visual sensation by the driver. The intellection time is that in
terval required for comparing, regrouping, and registering new sensations. Emotion 
is described as a time modifier of perception and intellection, dependent on the psy
chological makeup of the driver. Volition time is that interval necessary to exercise 
the decision to act. Another conceptual explanation of the perception-reaction process 
is offered by Baker and Stebbins (13) and is shown in Figure 6. 

- Matson, Smith, and Hurd (12) de-
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scribed many variables that affect per
ception and reaction time, including 
fatigue, physical disabilities, alcohol, 
drugs, climatic conditions, light con
ditions, and driver traits. Mullins (3) 
states that eye blinking occurs in in--
tervals of 2.8 to 3.8 sec with a duration 
of 0.3 sec or more. He concludes that 
vision is unreliable for a short time 
before and after a blink and the modi
fied blackout period caused by blinldng 
may vary from 14 to 20 percent of all 
seeing time. 

The most important element in the 
~ perception-reaction pheonomenon is 
~ perhaps the perception of form. Per
~ ception of form depends mainly on a 

~ e sharp difference of brightness between 
~ ~ ~ an object and its background. Color 
~ , ~ difference is not as perceptible as 

~ ~ brightness. Surfaces that differ in 
hue, but not in brightness, may be 
difficult to distinguish . In addition, 
highway design criteria assume that, 
as an object first comes into view on 
a crest vertical curve, the driver will 
perceive it and take appropriate action. 
Surely the driver has to see more than 

Figure 6. The perception-reaction process. 
the first fraction of an object before he 
can perceive it. At 70 mph on a vertical 
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Distance traveled during various perception
reaction times for various speeds. 
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curve with a 600-ft stopping sight 
distance (i.e., the driver sees the top 
of a 6-in. object at 600 ft), the driver 
will not see the whole object until he 
has traveled 225 ft further. 

The laboratory tests (4, 5) pre
viously discussed indicated driver 
perception-reaction times in the range 
of 0.4 to 1.7 sec. As stated in the 
AASHO Policy, however, these times 
may be significantly greater for actual 
highway driving conditions. The AASHO 
Policy value of 2.5 sec, however, was 
hypothesized based on these studies. 
The perception-reaction time is highly 
variable , however, and, under critical 
conditions, could be higher than the 
2.5-sec value. 

Figure 7 shows how the distance 
traveled during perception-reaction 
time varies with speed. The required 
stopping sight distance would not be 
significantly changed for the lower 
speeds by increasing the required 
perception-reaction time by 1 sec. 
For the higher speeds, however, the 
distance is significantly increased 

for a 1-sec increase. Because of the trend of increased speeds on highways and be
cause of degradation in visual acuity with higher speeds, the 2.5-sec perception time 
is questionably low for use in designing stopping sight distance for high-speed roadways. 

Friction Factor Design Values 

The AASHO Policy considered several studies (5, 8, 9) in determining the design 
values for friction factors (Fig. 2 and Table 1). The friction factor versus speed re
lationship employed is representative of wet pavements measured in the referenced 
studies. Because wet values are considerably lower than dry values, the wet values 
are a rational b_asis for design. The question remaining, however, is, Does this fric
tion factor versus speed relationship represent a typical critical condition? Figure 8 
shows a percentile distribution of skid numbers (skid numbers are considered equiva
lent to 100 f) at various speeds measured on 500 pavements (when wet) randomly dis
persed throughout one state (14). These measurements were made in 1964 by using a 
modified ASTM skid trailer with standard ASTM test tires. Figure 2 shows that the 
curve that AASHO considers typical represents about the 35th percentile pavement in 
Figure 8. In other words, 35 percent of the pavements have friction factors lower than 
the design values. As such, the AASHO values are somewhat high. A more appropri
ate measure might be the 15th percentile pavement. Table 3 gives the friction factor 
versus speed relationship for 15th percentile pavement. 

Stopping Distance Equation 

If the relationship (shown in Fig. 2) of friction factor versus speed were indeed a 
typical critical curve, there would be no need for a verification of the validity of the 
stopping distance equation. The reason is that the AASHO Policy employed the equation 
to compute friction factors from the referenced stopping distance measurements and 
used these friction factors, with a safety margin applied, to recompute the stopping 
distance for design. In reality, this simply amounted to applying a safety factor to the 
original measured stopping distances. 
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Figure 8. Percentile distribution of the skid number 
versus speed relationship for 500 pavements in one 

state. 

TABLE 3 

FRICTION FACTOR VALUES FOR THE 15TH 
PERCENTILE PAVEMENT IN ONE STATE 

Design Friction Design Friction 
Speed Factor Speed Factor 

30 0.30 60 0.23 
40 0.26 70 0.22 
50 0.24 80 0.21 

Because of the apparent need to con
sider lower friction factors (discussed 
previously), it is necessary to validate 
the equation for use of skid trailer mea
surements to compute stopping distance 
capability. Fortunately, tire quality test 
measurements ( 15) conducted by the Texas 
Transportation Institute in 1968 were 
available for analysis. The results of 
these measurements are given in the 
Appendix to this report. 

The analysis considered 3,900 measure
ments of stopping distances of several tire 
brands and tire types on 5 test pavements 
of varying friction factors. Friction fac
tors were measured (using the Texas skid 
trailer) on all 5 pavements periodically 
during the 6 months of testing. The analy
sis compared measured stopping distances 
with the stopping distances computed by 
using the appropriate friction factor in the 
standard equation. Although there was 
considerable variation between measured 

and computed distances, the analysis illustrated that only 10 percent of the trials in
volved stopping distances greater than those predicted by the equation. 

In many of the trials, the vehicle stopped much shorter than predicted. This may 
be attributed to many variables such as experimental error, tire temperature, tire 
type, or pavement macrotexture. A considerable portion of the variation was attributed 
to measurements made on the pavement with the lowest friction factor (pad 4, approxi
mate f-value of 0.20). On this pavement, the stopping distances in many trials were 
much shorter than those predicted by the equation . On the other 4 test pavements (f
values ranging between 0.44 and 0.64), the variation was considerably less than that on 
pad 4. The explanation for this phenomenon is apparently related to the accuracy of 
skid trailer measurements on lower coefficient pavements. 

In summary, it appears that employing skid trailer values in the stopping distance 
equation yields reasonably conservative friction factor values for design purposes. 
The friction factors thus obtained should provide values of stopping distances that will 
be adequate for design of almost all conditions. 

Assumed Speed for Conditions 

The AASHO Policy states that it is not realistic to assume that travel will occur at 
full design speed when conditions are wet. Therefore, the Policy subjectively deter
mined that the critical speeds for wet conditions should approximate 80 to 93 percent 
of design speed, as represented by average running speed for low-volume, or dry, 
conditions as shown in Figure 3. The AASHO Policy stated that this curve was de
veloped from field data that related average spot speed to the design speed on horizon
tal curves. How ironic that the speeds taken from the curve in Figure 3 were used for 
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stopping sight distance design but not for horizontal curve design (for which full design 
speed is used for calculations). 

It may be true that a critical speed (such as the 85th percentile) for wet pavements 
on horizontal curves is approximated by the average speed for dry conditions. Stopping 
sight distance, however, is also a design consideration on tangent alignment. It is 
reasonable to assume that low-volume average and 85th percentile speeds will be higher 
on tangent sections than on horizontal curves, especially for the lower design speeds. 
For free-flowing conditions the horizontal curvature is actually the only feature that 
limits speed (with the exception of very steep grades). No matter what the overall de
sign speed of a highway may be, the operating speed of long level tangent sections on 
that highway is not limited by the geometry. 

There are many variables that affect the spot-speed distribution of a highway sec
tion, including traffic volumes, percentage of commercial vehicles, contiguous design 
speed, type of facility, amount of roadside development, weather conditions, wet pave
ments, and posted speed limits (16). Many studies have been conducted to relate 
traffic speeds to posted speed limits, but no references are available that have mea
sured the relationship between critical wet weather speeds and design speed. 

The Texas Highway Department (17) collected wet and dry weather speed data at 
16 sites in 1968. Various speed distribution parameters taken from these measure
ments are given in Table 4. The speed stations employed in this study were essentially 
level-tangent sections to limit the variation due to geometric design. Also, measure
ments were made of free-flowing vehicles only to eliminate variation due to traffic fric
tion. In most cases, the overall design speeds of the highways were at or below the posted 
speed. From the data given in Table 4 and the description of site and measurement con
ditions, the following observations have been made pertaining to wet weather speeds: 

1. There appears to be a leveling off of the higher speeds as posted speed increases. 
This is illustrated by the 85th percentile speed variation for 50, 60, and 70 mph posted 
speeds. 

2. There is more variation in the distribution parameters for wet weather condi
tions than for dry weather conditions. This may be due to variations in rainfall intensity. 

3. If it may be assumed that posted speeds approximate design speed, then it ap
pears that the 85th percentile wet weather speed closely approximates the design speed 
for lower design speed highways (less than 50mph). 

4. The wet weather 85th percentile speed averages about 3 mph higher than the dry 
weather average speed. This variation has an indicated regression that would vary 
from 0 mph at lower speeds to 5 mph at the higher speeds. 

TABLE 4 

SPOT-SPEED DISTRIBUTION PARAMETERS FOR WET AND DRY WEATHER CONDITIONS 

Wet WeaU1er Speed Dry Weather Speed 
Sile Conditions Percentile Percentile 

Site 
No. of Lanes Posted Speed 50th 85th 90th Average 50th 85th 90th 

1 4 50 45 51 53 51 50 58 60 
2 4 60 47 55 57 52 51 58 60 
3 4 60 50 58 60 63 61 70 72 
4 4 60 55 62 64 59 58 63 66 
5 4 60 56 63 65 60 59 65 67 
6 4 60 58 68 70 60 60 70 72 
7 4 60 60 67 69 66 65 71 74 
8 4 60 61 68 69 64 64 70 71 
9 4 60 64 71 73 67 66 73 75 

10 4 70 52 59 62 61 61 68 70 
11 4 70 52 62 64 57 56 63 65 
12 4 70 54 61 63 58 57 67 68 
13 2 70 54 64 65 59 59 69 70 
14 4 70 56 64 65 62 61 70 72 
15 4 70 55 64 65 60 60 70 71 
16 2 70 56 64 66 61 61 70 71 
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TABLE 5 

A DERIVATION OF CRITICAL WET SPEEDS FOR DESIGN 

Assumed Differ ence Derived Assumed Difference 
AASHO Average Be tween Average Dry Average Dry Between Average Derived 85th 

Design Speed Dry Speeds Dry Speed and 85th Percentile 
(mph) on Curves Speeds on Tangent Speeds on P ercentile Wet Wet Speeds 

(mph) and Curves Tangents 
Speeds on Tangents (mph) (mph) (mph) (mph) 

30 28 6 34 0 34 
40 36 6 42 0 42 
50 44 6 50 0 50 
60 52 5 57 2 59 
65 55 4 59 3 62 
70 58 3 61 3 64 
75 61 2 63 4 67 
80 64 1 65 5 70 

The AASHO Policy's "assumed speeds for condition" have no objective basis. The 
question then is, What speeds should be used for design? One argument holds that the 
design speed should be used as the critical design speed for stopping sight distance, 
just as it is used for horizontal curve design. This could be justified on the basis that, 
at some time, a highway might be expected to have a posted speed limit either at or 
above the design speed. In addition, it might be expected that some drivers will exceed 
the posted limit, regar dless of weather conditions. 

Another basis for critical speeds to use in stopping sight distance design could be 
derived from the low volume curve in Figure 3 and from the Texas speed data. This 
would require that assumptions be made regarding the relationship between average 
dry speeds on tangents and average dry speeds on horizontal curves. These assumed 
differences are given in Table 5, along with the AASHO low-volume average dry speeds 
on horizontal curves, the derived low-volume average speeds on tangents, the differ
ences between average dry speeds and 85th percentile wet speeds on tangents (dis
cussed previously), and the derived critical speeds assumed for design. With this 
method, the critical speeds are somewhat higher than those in the AASHO policy. 
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Figure 9. Relationship between object height and 
required length of crest vertical curve. 

Driver Eye Height 

It appears that the driver's eye height 
has not been significantly lowered since 
the 1960 automobile models. Therefore, 
the 3.75-ft eye height may be a reasonably 
valid criterion for the design of stopping 
sight distance; however , the percentile 
distributions shown in Figure 4 are for 
models and are not distributions experienced 
on the highway. It is possible that a con~ 
siderable percentage of driver eye heights 
on the highway are lower than 3.75 ft be
cause of the introduction and high-volume 
sales of automobiles such as the Ford 
Mustang and the Chevrolet Camara. 

Object Height 

The AASHO Policy considers that a 
zero object height would provide for the 
safest sight distance design. The 6-in. 
object height, however, was selected be
cause it supposedly represented a point 
of diminishing returns in terms of the cost 
of excavation, considering the relationship 
between the object height and the length of 
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TABLE 6 

SAFE STOPPING SIGHT DISTANCES FOR HEAD-ON COLLISION CRITERION 

Assumed Perception-Reaction Braking Stopping Sight Distance 
Design Friction 
Speed Speed for Factor Distance 

Rounded for 
(mph) Condition Time Distance (f) on Level 1 Vehicle 2 Vehicle Design (mph) (sec) (ft) (ft) (ft) (ft) (ft) 

30 32 2.5 117 0.29 118 235 470 470 
40 40 2 .5 147 0 .26 205 352 704 700 
50 48 2.5 176 0 .24 320 496 992 1,000 
60 57 2.5 209 0.23 471 680 1,260 1,260 
65 60 2.5 220 0 ,23 522 742 1,484 1,480 
70 62 2.5 228 0.23 557 785 1,570 1,570 
75 65 2.5 239 0 .22 640 879 1,758 1,760 
80 68 2.5 250 0.22 700 950 1,900 1,900 

vertical curve required to provide stopping sight distance for various object heights. 
This relationship between object height and length of vertical curve is shown in Figure 
9 (1). The point of diminishing returns appears to be more nearly in the range be
tween 0.1 and 0.3 ft. 

This basis for designing vertical curvature may provide safety for most operational 
conditions; however, whether it is entirely adequate for providing relatively high over
all safety of operation is questionable. There appear to be many operational situations 
that would require a zero object height for safety, such as either a horizontal curve 
or an intersection hidden by a crest vertical curve. Therefore, the present criterion 
for object height bears no relation to many of the operational requirements for 
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Figure 10. Relationship between stopping sight distance and 
length of vertical curve for head-on collision criterion. 

safe stopping sight distance. 

Head-on Collision Criterion for 
Stopping Sight Distance 

At this point, an entirely new 
philosophy of stopping sight distance 
design will be offered. On 2-lane 
highways, a vehicle must travel in 
the opposing lane to pass a slower 
moving vehicle. Legally, this is 
only possible where adequate passing 
sight distance is available and no 
restrictions are placed on passing. 
Traffic engineers and traffic law 
enforcement officers, however, 
well know that no-passing zones 
are often violated. Considering 
those drivers who violate no-passing 
zones and also drivers who wander 
into the opposing lane because of 
drowsiness or intoxication (2 char
acteristics that are all too common, 
especially at night), we might appro
priately design for nighttime stopping 
sight distance to opposing headlights, 
allowing for the closing rate of the 
2 vehicles. It is true that a driver 
can see the beams of opposing head
lights well before he can see the 
headlights themselves. He cannot 
always perceive, however, that the 
opposing vehicle is in his lane until 
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TABLE 7 

SAFE STOPPING SIGHT DISTANCES FOR STATIONARY OBJECT CRITERIA THAT EMPLOY 
DESIGN SPEEDS FOR WET CRITICAL SPEEDS 

AssuH-.cd Perception-Reaction Braking 
Stopping Sight Distance 

Design 
Speed for 

Friction Distance 
Speed Factor Rounded for 

Condition Time Distance on Level Computed 
(mph) 

(mph) (sec) (ft) 
(f) 

(ft) (ft) 
Design 

(ft) 

30 30 2.5 110 0.30 100 210 210 
40 40 2 ,5 147 0.26 205 352 350 
50 50 2.5 184 0.24 347 531 530 
60 60 2.5 221 0.23 522 743 750 
65 65 3.0 287 0.22 644 931 930 
70 70 3.0 309 0.22 742 1,051 1,050 
75 75 3.5 386 0.21 893 1,279 1,280 
80 80 3.5 412 0.21 1,0 16 1,428 1,430 

TABLE 8 

SAFE STOPPING SIGHT DISTANCES FOR STATIONARY OBJECT CRITERIA THAT EMPLOY 
DESIGN SPEEDS FOR WET CRITICAL SPEEDS 

Assumed Perception-Reaction Braking 
Stopping Sight Distance 

Design 
Speed for Friction 

Distance Speed Conditions Time Distance 
Factor 

on Level Computed 
Rounded for 

(mph) (mph) (sec) (fl) (f) 
(ft) (ft) Design 

(ft) 

30 34 2.5 125 0.28 138 263 260 
40 42 2.5 154 0.26 226 380 380 
50 50 2.5 184 0.24 347 531 530 
60 59 2.5 217 0.23 504 721 720 
65 62 3.0 273 0.23 557 830 830 
70 64 3.0 282 0.23 593 875 880 
75 67 3.5 345 0 .22 680 1,025 1.030 
80 70 3.5 360 0.22 742 1,102 1,100 

the headlights are visible. The AASHO Policy states that headlight beam height is 
approximately 2 ft from the ground level. 

For minimum safety requirements, the safe stopping sight distances for the head
on situation shoulP, be doubled. Although seeming to be more than enough, this is prob
ably conservative because it assumes that the opposing vehicle will stop, and it may not 
if the driver is either intoxicated or asleep. In designing for the head-on situation, one 
is again faced with the problem of establishing critical speeds for design. In this case, 
the critical speed should be, for example, the 85th percentile night wet weather speed. 
The 1968 speed survey {18) by the Texas Highway Department shows that the nighttime 
85th percentile speed is about 2 mph lower than the daytime 85th percentile speed. If 
the assumptions in Table 5 are accepted, then the 85th percentile night wet weather 
speed might be derived as 2 mph lower than the 85th percentile day wet weather speeds. 

The 2.5-sec perception-reaction time (assumed by AASHO) is probably low for the 
higher travel speeds, but that evaluation was based on a stationary object without its 
own source of illumination. For stopping sight distance design to an opposing vehicle, 
the 2.5-sec perception-reaction time is probably adequate. Table 6 gives the proposed 
safe stopping sight distances for the head-on collision criterion employing the assump
tions discussed in this subsection. The design friction factors represent the 15th per
centile pavement as previously discussed (Table 3). Figure 10 shows the relationship 
between stopping sight distance and length of vertical curve for the head-on collision 
criterion. 

Stationary Object Collision Criterion for Safe Stopping Sight Distance 

For multilane, divided, and possibly undivided highways, there is no apparent need 
for the head-on collision criterion. There are, no doubt, other operational conditions 



that have respective stopping sight distance requirements. Until these operational 
requirements can be defined, the stationary object criterion is all that is available. 
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Table 7 gives stopping sight distances based on the assumption that the critical speed 
is equivalent to the design speed. Table 8 gives stopping sight distances based on the 
critical speeds derived in Table 5. In both Tables 7 and 8, the 15th percentile pave
ment given in Table 3 is employed for friction factor values. Inaddition, theperception
reaction times for the higher speeds have been adjusted upward, in light of the earlier 
discussion in this section. 

CONCLUSIONS 

1. The commonly used criterion of a 2.5-sec perception-reaction time for the brak
ing maneuver was based on a subjective extrapolation from laboratory studies. This 
evaluation indicates that the perception-reaction time is highly variable and, under 
critical conditions, could be higher than 2.5 sec. Because of the trend toward higher 
speeds and the concomitant degradation of a driver's visual acuity with higher speed, 
the 2.5-sec criterion is questionable for use in designing stopping distance for high
speed roadways. 

2. Based on skid trailer measurement of 500 pavements randomly dispersed through
out one state, the AASHO design friction factor values do not represent a critical level 
of stopping capability. The AASHO values are representative of the 35th percentile 
pavement in the one state. In other words, 35 percent of these pavements could not 
provide adequate stopping distance to meet minimum stopping sight distance standards. 

3. The use of skid trailer values (which are related to design speed) in the standard 
stopping distance equation will yield reasonably conservative stopping distance values 
for use in design. This evaluation was based on 3,900 stopping distance tests, which 
were related to computed stopping distances derived from test speed and a representa
tive friction factor versus speed relationships for the test pavements. 

4. The AASHO Policy's "assumed speed for conditions" has no objective basis. 
Because of lower friction factors when pavements are wet, the wet condition is the 
rational basis for design. The AASHO Policy states that it is not realistic to assume 
that travel will occur at full design speed when conditions are wet; however, the "as
sumed speed for conditions" is arrived at by employing ave1·age speeds for dry condi
tions on horizontal curves (of given design speed) as the critical wet speeds (related to 
design speed) for stopping sight distance design. Other bases for determining the "as
sumed speed for conditions" are presented. 

5. A 3.75-ft driver's eye height is employed in the measurement of stopping sight 
distance design. This height is representative of the distribution of 1960-model auto
mobiles. Although no data are available, this eye height is reasonably representative 
of current production automobiles. An eye height representative of vehicles on the 
roadway could be lower, however, because of the introduction and high-volume sales 
of automobiles such as the Ford Mustang, the Chevrolet Camara, and the Volkswagen. 

6. Theoretically, a zero object height would provide the safest sight distance de
sign. The 6-in. object height used for the measurement of stopping sight distance de
sign was supposedly selected on the basis of diminishing returns, in terms of the cost 
of excavation for crest vertical curves. Because excavation is no longer the major 
cost of highway construction, a more appropriate object height would be in the range 
of 0 .1 to 0. 3 ft. 

7. The present criterion for object height bears no relation to many of the opera
tional requirements for safe stopping sight distance. There appear to be many opera
tional conditions that require a zero object height for maximum safety, such as a hori
zontal curve or an intersection hidden by a crest vertical curve. 

8. There is a need to design nighttime stopping sight distance for opposing vehicle 
headlights on 2-lane highways. It is not uncommon for vehicles to be in the opposing 
lane even if there are legal restrictions. The opposing driver may be asleep, intoxi
cated, or otherwise openly violating the restriction. 
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Appendix 

TIRE TEST B.ESTJLTS 

The 1966 National Traffic and Motor Safety Vehicle Act provided for the development 
of a uniform-quality grading system for pneumatic passenger-vehicle tires. In order 
to develop this system, the National Bureau of Standards conducted tests on tires cur
rently in production to provide the necessary data base. Under contract to the National 
Bureau of Standards, the Texas Transportation Institute undertook the testing of 95 sets 
of tires during the period from March through November 1968 (15). The various sets 
of tires included in this program are given in Table 9. Each setof tires was tested to 
provide data on tractional characteristics when stopping with locked wheels and to de
termine loss of traction when driving through curves. 

The pavements used in this test program were specially designed to achieve prede
termined coefficients of friction. They included 4 different asphalt pavements and 1 
portland cement concrete pavement. Each stopping pad was 24 ft wide and 600 ft long, 
having a cross slope of 2 in. in 24 ft. 

Test Vehicle 

The automobile used in this test program was a 1968 4-door Bel Air Chevrolet. 
Modification was made to the suspension system, including a change to heavy-duty coil 



Tire 

Bias ply 
Radial 
Wide oval 
Snow 
P olice 
SAE 
Wide slicks 

Total 

49 

TABLE 9 

TIRE SETS TESTED 
springs and heavy-duty shock absorbers. 
Prior to each day of testing, the vehicle 

New 

20 
B 

12 
11 
2 
4 
1 
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Mileage Random Rerun height was determined by measuring the 
Worn (new and mileage worn) height of marks placed on the bumper at 

13 
B 
0 
0 
0 
0 
0 

21 

5 
4 
2 
2 
1 
2 
0 

16 

each corner of the car. This procedure 
was established to determine if deteriora
tion was occurring in the suspension sys
tem. Air pressure for the automobile 
tires tested was 24 psi cold. 

The tire-test vehicle was equipped to 
indicate and record the following infor
mation: distance traveled as a function 
of time, velocity of the vehicle as a func
tion of time, rear-wheel lock-up point, 

and lateral forces (transverse accelerations). Distance and velocity data were obtained 
from a track-test fifth-wheel assembly attached to the rear bumper. Data were re
corded on a Honeywell Visicorder. The ac power required for the Vlsicorder was sup
plied by a gasoline engine generator mounted in the trunk. 

Test Surfaces 

The location of the Texas A&M Research Annex on property that had previously 
been a jet trainer airfield permitted a wide choice in the specific location of the various 
test pavements. The study called for the design and construction of 4 different surface 
textures produced from selected aggregate and a single grade and type of asphalt ce
ment. The program also required a fifth surface that consisted of selected portions 
of the existing portland cement concrete runways. These different surfaces were ex
pected to have particular coefficients of friction that would remain constant for the 
duration of the study. 

The preparation of the existing portland cement concrete pad consisted of a thorough 
cleaning. The other surfaces were to be designed and constructed to provide a range 
of friction coefficients between 0.20 to 0.60. Pavements were produced that covered 
a range of 0 .18 to 0 .64 (as measured with a skid at 40 mph} at the beginning of testing. 
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Figure 11. Variation of test pad coefficients over period of testing. 
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TABLE 10 

LOCK- UP VEHICLE SPEEDS FOR EACH TEST PAD 

Pad Lock-Up Speeds Pad 
Lock - Up Speeds 

(mph) (mph) 

1 30 40 50 4 15 25 35 
2 35 45 55 5 30 40 50 
3 30 40 50 

The spread of these coefficients was re
duced during the course of the project to 
a range of 0 .18 to 0. 44. The friction 
coefficients over the period of testing 
are shown in Figure 11 for each test 
pavement. 

Skid Trailer Measurements 

The friction values shown in Figure 11 
were obtained with the Texas Highway 

Department skid trailer run with standard ASTM grooved test tires. The source of 
water for wetting the pavements was a 4,000-gal water truck complete with spr ay bars 
and a controlled pumping system capable of producing a uniform flow and dis tribution 
of water. On each pad, 1 pass of the watering truck preceded 2 passes with the s kid 
trailer (one in each direction) . The skid trailer's self-watering system was not used. 

Friction determinations were made at 20, 30, and 40 mph. For each speed, 6 
locked-wheel skids were made on each pad (3 in each direction). The points plotted in 
Figure 11 represent averages of these 6 measurements. 

Stopping Distance Tests 

The test vehicle was subjected to 4-wheel lock-up 4 times for each of the speeds 
given in Table 10. Two test trials were conducted in each direction for each pad, tire 
set, and speed. The speeds given in Table 10 were deter mined at the beginning of the 
test program, so the driver would not be subjected to extremely unsafe conditions. 
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Figure 12. Percentile distribution of percentage deviation 
between measured and computed friction factors for all 

tests. 

On pads 1, 3, 4 and 5, 1 pass of 
the watering truck preceded each 2 
passes of the test vehicle (once in 
each direction). On pad 2, the same 
procedure was followed, except tha t, 
prior to tbe 55-mph tes t run, 1 pass 
of the water ing truck preceded each 
trial run. This was necessary be
cause of the nature of the pavement 
and time consumed by the driver in 
accelerating to the 55-mph speed. 

Approximately 3 ,900 total stopping 
distance measurements were made 
on the following tire set types: new 
bias-ply, worn bias-ply, new radial, 
worn radial, and new wide oval. 

Test Results 

For each stopping distance test 
run, it was possible to associate a 
computed fri ction factor with the test 
speed, based on the skid trailer mea
surements made at 20, 30, and 40 mph. 
The computed friction value and the 
test speed were used to compute the 
predicted stopping distance by using 
the s tandard equation d = V2 / 30 f. 
The prediction reliability of the equa
tion could then be analyzed by com
paring the predicted values with the 
measured values. 

Figures 12 and 13 show percentile 
distributions of test runs related to 
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the percentage difference between the measured friction factor and the computed fric
tion factor, (fc - fm)/fm. In 90 percent of the 3,900 test trials, the vehicle stopped in 
a shorter distance than that predicted by thE: standard stopping distance equation (Fig. 
12). Figure 13 shows that, for the lowest coefficient pavement (pad 4), the vehicle 
stopped considerably shorter than predicted. No explanation can be offered for this 
phenomenon. 

Additional analyses of these data indicate that (a) the equation is somewhat more 
reliable for lower stopping speeds; (b) new radial and new wide oval tires have a some
what better stopping capability than new bias-ply tires; and (c) new tires have a some
what better stopping capability than worn tires (10,000 high-speed miles of wear). 

Discussion 
D. W. LOUTZENHEISER, Highway Standards and Design Division, Bureau of Public 
Roads, Federal Highway Administration, U.S. Department of Transportation-Glennon's 
evaluation of sight distance design criteria is very timely because the AASHO Com
mittee on Planning and Design Policies, which prepared the document examined, is 
now engaged in revising the AA.SRO policy on stopping sight distance.s. 

In the AA.SRO concept for highway design, the minimum sight distance available on 
a highway is made sufficiently long to enable a vehicle traveling at or near the likely 
top speed to stop before reaching an object in its path. Although greater length is 
desirable, sight distance at every point along the highway should be at least that re
quired for a below-average operator or vehicle to stop. 

Minimum stopping sight distance for a stated speed is derived as the sum of 2 dis
tances. One is the distance traversed by a vehicle from the instant the driver sights 
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an object for which a stop is necessary until he decides to act. The other is the 
distance required to stop the vehicle after the brake application begins. The design 
control is a minimum value for each design speed, to be used for that speed on any 
highways and for all conditions. Derivation of these values requires determination of 
3 factors over the range of speeds used in design, namely, perception and reaction time, 
coefficient of friction, and vehicle speed. The first 2 factors lend themselves to scien
tific measurement under controlled laboratory conditions, but evaluation of such mea
surement for general highway conditions is difficult because of variations in physical 
properties of tires and roadway surfacing materials, physiological differences among 
drivers, weather, and the highway geometric details. Judgment, therefore, plays a 
major role in the determination of representative values for needed length of sight dis
tance to ensure reasonably safe operation and at the same time be economically 
attainable. 

Glennon lists 8 conclusions from his evaluation. Each is wol"thy of comment. 

1. He questions the adequacy of 2 .5 sec for perception-reaction. Admittedly, there 
is little factual support for 2.5 sec, and this value as well as any other that might be 
proposed is subject to conjecture. Results of actual investigations would be welcomed. 
To simply question the 2.5 sec offers little guidance as to a correct value. There are 
no plans to alter the 2.5-sec value in the revision of the AASHO sight distance standards. 

2. He points out that the friction factor used in the stopping distance equation is 
higher than the skid numbers for 35 percent of pavements tested in one state. He sug
gests that a more appropriate measure might be the 15th percentile pavement. This 
is very useful information, and his suggestion seems to be a sound one. Each state, 
and perhaps each highway district within a state, could utilize the results of friction 
tests to determine sight distance requirements. 

Two additional comments seem appropriate. First, the friction factor in the equa
tion is the average value over the entire length of stop. Because friction increases as 
speed decreases, the average friction is considerably higher than the skid number 
measured at uniform speed. Thus, a friction factor (average) of 0.33 as used in the 
AASHO Policy for a stop from 40 mph may not be out of line with a factor of 0.26 mea
sured at a uniform speed of 40. There is need to develop better correlation between 
actual stopping distance and calculated stopping distance based on friction factors mea
sured with skid trailers. The former involves variables such as brake fade and tire
pavement relations that are not measured by the uniform speed method (see also 
item 4). 

The second comment is that a long sight distance cannot ensure that a slippery pave
ment is a safe pavement, although a long sight distance may help. It might be wiser 
to devote a larger share of the highway dollar to improving skid resistance than to 
providing long sight distances. Such antiskid improvements could be programmed on 
a selective basis, if desirable, so that pavements would be treated first where sight 
distances are near minimum. 

3. He shows that the use of skid numbers obtained with skid trailers will yield 
reasonably conservative stopping distance values for use in design. In many of the 
trials the vehicle stopped much shorter than predicted. This reassuring bit of infor
mation is welcome news. The reason for the conservatively low stopping distances 
may be as suggested in the first comment for item 2. 

4. He concludes that the AASHO Policy's "assumed speed for conditions" has no 
objective basis. Interestingly enough, the results given in Table 4 support the Policy's 
position that speeds are somewhat lower when pavements are wet than when dry. The 
attempt by the author to relate measured speeds to design speed on the assumption that 
posted speed limits are approximately equal to design speeds is debatable. The AASHO 
Committee is proposing that the vehicular speed to be used in the stopping sight dis
tance equation should be the same as the design speed of ·the highway, even with wet 
pavements. These speeds are, of course, considerably higher than those utilized in 
the development of current AASHO standards and somewhat higher than those proposed 
by Glennon. 

5. He observes that the driver's eye height could be lower now than when data were 
compiled for the AASHO Policy. This is true; however, the eye height of 3.75 ft is 
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lower than that foWld for the Corvair, Falcon, 
Valiant, and other compact cars that were in 
production at the time the standards were last 
revised. It is well below that for the Volkswagen 
and is believed to be on the conservative side for 
all but a very few foreign-made sports cars. 

6 and 7. He proposes an object height in the 
range of 0.1 to 0.3 ft. Of all the variables that 
enter into the determination of minimum lengths 
of vertical curves, this one is least adaptable to 
scientific derivation. The value of 0.5 ft is ad
mittedly a compromise that is vulnerable to 
challenge. Glennon arrived at his suggested 
values by what he refers to as the point of dimin
ishing returns. However, his application of the 
economic law of diminishing returns is somewhat 
at variance with normal procedures. Usually, 
the point of diminishing returns is said to be 
reached when a relatively large expenditure is 
needed to purchase a relatively small benefit. 
In this case the length of vertical curve is a mea
sure of expenditure and the benefit, which is the 
increase in safety, is measured by a lowering of 
the object height. Viewed in this sense, the point 

of diminishing returns appears to be reached at an object height of about 0.5 ft (Fig. 14). 
It is actually somewhat higher than this, however, because earthwork quantities in
crease almost exponentially with increasing lengths of vertical curves. Consequently, 
costs rise more rapidly than do ·the lengths of curves. 

Glennon also suggests that a zero object height should be applied at horizontal curves. 
The AASHO sight distance design bases is that of a "single" minimwn value for each 
design speed, applicable to govern design of both crest vertical curves and horizontal 
curves. In the original derivations (about 1940) it was concluded both practical and 
desirable to avoid a double sight distance standard. Instead the criteria for height of 
driver's eye and height of object were established as logical values that compromise 
the 2 curve conditions. Thus the design sight distance value derivation involves a 
"package" of interwoven factors-the 3 factors for stopping distance and the 2 factors 
for height-all of which must be jointly considered in any change. The intricacies of 
the interrelations could be more fully explained at some length, but further review is 
not made here. 

B. He develops an entirely new philosophy for needed stopping distance for 2-lane 
roads. This is both refreshing and challenging. It is refreshing for the reason that 
the need for a new philosophy for both 2-lane and multilane highways is becoming in
creasingly apparent, and it is good that Glennon is willing to take the first step. Per
haps instead of stopping distance, the need is for maneuver distance or maneuver time 
or room. Possibly the most likely object to be dealt with then is another automobile. 
Even on 2-lane highways, a stopped vehicle in the travel lane may be a more likely 
hazard than an oncoming one. Regardless of what type of object is chosen, there is 
need to know how large the target must be before the driver can detect that a stop (or 
other maneuver) is called for. If, for example, a car is the critical object, must the 
driver see all above the headlights, even in daylight, before he can detect that evasive 
action is necessary? It seems reasonable that he might. 

Glennon's philosophy is challenging in that some of his assumptions are controversial, 
and necessarily so. For example, he asswnes that the minimum sight distance, driver 
eye to headlight height, should be double the stopping distance. Presumably this is 
based on the theory that both the "safe" driver and the errant driver will detect that an 
emergency stop is necessary and that their bwnpers will just touch as they come to a 
halt. If each is traveling 65 mph, they can be no closer than % mile apart when they 
commence this action. In the glare of oncoming headlights, or on a slight horizontal 
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curve, the drivers are a long distance away to detect a hazardous condition calling for 
immediate action. It hardly seems logical to expect that the driver who is at fault will 
remain in the wrong lane until the 2 cars meet, and even less likely that he will attempt 
to stop in that lane. If, however, he should continue on the wrong side of the center
line at a speed of, say, 60mph and if the safe driver attempts to stop from, say, 60mph, 
he will still be traveling at 16 mph when the 2 vehicles meet. 

I hope that thie report will stimulate action to further explore GlelUlon's philosophy 
and to develop new ones supported by research findings. Information relating accidents 
to sight distances would be a great help in deciding on minimum sight distance standards, 
but such information is scarce. A recent report is, however, rather enlightening in 
this regard and is worthy of mention (19). Although this report does not show a definite 
cut-off point or point of diminishing returns beyond which accidents show a sharp in
crease with a further decrease in sight distance, it does make clear that the greater 
the minimum sight distance (up to 2 ,600 fl, which was the limiting value used in the 
study) the safer the highway becomes. This should impress upon everyone that above
minimum values should be used whenever feasible. It should also lend support to the 
higher sight distance standards under consideration by AASHO that, if adopted, will 
result in sight distances up to 40 percent longer than those now in use. 

Reference 

19. Cirillo, J.A., Dietz, S. K., and Beatty, R. L. Analysis and Modeling of Relation
ships Between Accidents and the Geometric and Traffic Characteristics of the 
Interstate System. U.S. Govt. Print. Office, Washingtoll', D. C., Aug. 1969. 



Accidents at Median Crossovers 
G. R. GARNER, Division of Research, Kentucky Department of Highways 

The purpose of this study was to examine the necessity for and the value 
of median crossovers on limited-access facilities. An accident analysis 
provided information on the frequency and nature of accidents at median 
crossovers. The type of and necessity for crossover usage by autho
rized personnel was determined from interviews with highway mainte
nance engineers and questionnaires completed by state police who patrol 
limited-access facilities. It was found that crossovers do cause frequent 
accidents in some locations, thus negating the positive benefits of having 
crossovers. Undesirable locations for crossovers include urban areas, 
interchange areas, and any location where use by the general public is 
likely. Applying more stringent controls to the location and use of me
dian crossovers than now employed may result in a 5 percent reduction 
in accidents on limited-access facilities. 

•SAFETY IMPROVEMENTS are often controversial subjects, especially when the sub
ject is highways . Judgments must be made weighing lives and injuries against the hard 
realities of financing the construction and maintaining the highway systems. Median 
crossovers on rural and urban freeways and expressways are controversial design fea
tures. State police and maintenance forces claim that median crossovers are necessary 
and essential for their work and that more frequent location of crossovers is desirable. 
Engineers involved with highway safety maintain that crossovers create accidents, are 
not necessary, and should be eliminated. 

Crossovers are located on divided roadways so that emergency and maintenance ve
hicles can cross the median to change their direction of travel. However, motorists 
also find crossovers convenient for their use, even though the maneuver is illegal. This 
creates an accident-producing situation. Accidents at median crossovers involving 
U-turning vehicles accounted for nearly 25 percent of the total accidents on several 
road sections during some years investigated in this study. During a 4-year period an 
average of 5 percent of all accidents on the majority of toll and Interstate roads in Ken
tucky were caused by vehicles using median crossovers. 

The purpose of this study was to analyze existing crossover locations, usage, and 
accidents and to develop criteria for use in determining the necessity for and the location 
of median crossovers. Primarily, 3 sources of information were used. An inventory 
of existing crossover locations was taken to determine the prevailing policy, if any, on 
crossover design and location. A comprehensive analysis of U-turn accidents at median 
crossovers was performed. Interviews were conducted with district highway engineers 
and questionnaires were given to all state police who patrol Interstate or toll roads in 
Kentucky. The questionnaire also provided an opportunity for the state police to express 
their opinions concerning the location and necessity for crossovers. 

INVENTORY OF EXISTING CROSSOVER LOCATIONS 

An inventory of existing crossover locations was performed by 2-man teams who tra
versed the roads selected for study. Crossovers, interchanges , or other features of sig
nificance were logged to the nearest tenth of a mile. These loggings were then plotted to 
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TABLE 1 

CROSSOVER SPACING AND LOCATION 

Average Distance Average Distance Average Distance Average Number of 
Road Between Crossovers of Crossovers Between Crossovers Between 

and Interchanges from Interchanges Interchanges Interchanges 

I-64 (Lexington 
to Morehead) 2.6 2.3 5,5 1.3 

I-64 (Frankfort 
to Louisville) 2.1 1.8 5,0 1.4 

I-65 (Cave City to 
Eliza,belhtown) 2,4 2,0 5.7 1.4 

Kentucky 
Turnpike 2,2 1.5 18.4 3.7 

Blue Grass 
Parkway 2.3 1.9 14.8 5.4 

Western Kentucky 
Parkway 2.2 0.6 14,4 6. 4 

Mountain 
Parkway 1.7 0.6 R,4 3.3 

US-41 1.0 0.7 2.7 1.5 

scale and examined for similarities to see if any patterns in design governed. Kentucky's 
traffic guidance manual (2) provides no recommendations for crossover location. The 
Kentucky Department of Highways Standard Drawing 14.04c states: "Maintenance Cross
overs shall be constructed one half to one mile from the end of the acceleration lane 
taper or de-acceleration lane taper whichever provides for the furthest spacing from 
the interchange." Although not stated, the locating of crossovers this close to inter
change areas is assumed to be strictly a convenience for maintenance forces to conduct 
snow removal work. This philosophy is also reflected in the following statement that 
appeared in an ASCE publication (!): "Usually crossovers are needed at each end of an 
interchange area so snow and ice equipment may reverse direction quickly to clear all 
entrance and exit ramps." 

The suggested pattern of crossover location is not consistently followed on any of the 
Interstate or toll roads in the state. Crossovers are commonly found as near as 0.1 
mile and as far as 5.0 miles from interchange areas. The average distance between 
crossovers and interchanges varies from 0.6 mile on the Western Kentucky Parkway 
and MoWltain Parkway to ·2.3 miles on I-64 (Lexington to Morehead) (Table 1). Gener
ally there is at least one crossover between exits when interchange spacing exceeds 3 
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Figure 1. U-turn accident rate versus traffic volume. 

miles. The average distance between 
crossovers and interchanges is about 
2.2 miles, with the exception of US-41 
in Hopkins County where no consistent 
spacing between consecutive crossovers 
or between an interchange and a cross
over was found . 

ACCIDENT ANALYSIS 

Accident reports for a 4-year period 
were copied from original state police 
records for the following controlled
access roads: I-64, I-65, Bluegrass 
Parkway (3-year period), Western Ken
tucky Parkway, Mountain Parkway, Ken
tucky Tumpike, and US-41 (Madison
ville Bypass, Hopkins County) . All 
U-turn accidents at median cross
overs were counted and analyzed. The 
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following variables were fowid to affect the number of U-turn accidents on a given 
road: 

1. Volume of traffic on the road, 
2. Proximity to urban areas, 
3. Presence of major interchanges between controlled-access facilities, 
4. Number of crossovers, 
5. Nearness of crossovers to interchanges, 
6. Compos ition of the traffic stream, 
7. Interchange spacing, 
8. Width and type of median, and 
9. All other roadway, weather, driver , and vehicle variables. 

Of these variables, the first three are the most significant. Logically, as traffic vol
ume increases, the probability of a U-turning vehicle coming in conflict with another 
vehicle increases (Fig. 1). 

It is reasonable to assume that the drivers of U-turning vehicles are lost or confus ed, 
i.e., they may have made a wrong turn or missed a turn. More persons are likely to 
get confused in urban areas and in major interchange areas. Therefore, more U-turn 
accidents are likely to occur at such locations. This is verified by the U-turn accidents 
on the Kentucky Turnpike and US-41. There have been 34 U-turn accidents in a 4-year 
period involving southbowid vehicles on the Kentucky Turnpike (Fig. 2). There we1·e 
16 at the first crossover south of Louisville, 8 at the second crossover south of Louis
ville, 4 at the third crossover south of Louisville, 2 at the fourth crossover south of 
Louisville, and 2 at other locations . In addition, 2 drivers involved in an accident ad
mitted they were driving too slowly because they were looking for a crossover. 

Ten accidents involved northbound vehicles on the Kentucky Turnpike (Fig. 3). All 
of these occurred after the opening of the Bluegrass Parkway in November 1965. There 
were 5 at the first crossover north of Elizabethtown, 2 at the second crossover north 
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Figure 3. U-turn accidents on southern half of the Kentucky Turnpike. 

of Elizabethtown, 1 at the third crossover north of Elizabethtown, and 2 at other loca
tions. Many of these accidents were apparently caused by drivers who became lost or 
confused at the west end of the Bluegrass Parkway and were going north on the Kentucky 
Tur npike when they wanted to go south. Other situations where U-turn accidents occur 
near urban areas or major interchanges exist on 1-65 and US-41 in Hopkins County. At 
the first crossover south of Elizabethtown on 1-65, for example, there have been 13 ac
cidents involving southbound U-turning vehicles in a 4-year period. The U-turn accidents 
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TABLE 2 

TYPE AND SEVERITY OF U-TURN ACCIDENTS 

Type of Kentucky US-41 1-65 (South of 
Total Turnpike Elizabethtown) Accident or 

Injury 
No. Percent No. Percent 

No. Percent No. Percent 

Accident 
Right-angle 16 36 12 63 2 14 30 39 
Oblique 17 38 7 37 8 57 32 41 
Rear-end 11 25 0 0 3 21 14 18 
Other 1 2 0 0 1 7 2 2 

Injurya 
A 12 27 5 26 3 21 20 26 
B 5 11 4 21 1 7 10 13 
c 4 9 0 0 2 14 6 8 
0 24 53 10 53 8 57 42 53 

a Injury codes are as follows: 
A-btoken bones, vl~lble cut1 and lac::era1fans, severe injuries. had to be carried from scene; 
8- cull and bruiro~ or minor nature, nr:ad not be hospitaHled; 
C-c-0mplain1 of injuties. nono vlslbln; nnd 
0-no injuries, 

on US-41 are clustered around the interchange with the Western Kentucky Parkway and 
the KY-85 interchange leading into Madisonville (Fig. 4). 

Further evidence that driver uncertainty in traveling urban or interchange areas is 
a prime cause of U-turn accidents is supplied by the fact that 48 percent of the drivers 
of the vehicles making the U-turns were out-of-state drivers. Another 29 percent were 
in-state drivers but were out of their home county. Therefore, up to 80 percent of the 
drivers involved in accidents were probably unfamiliar with the roadway. 

Other variables contribute to the accident problem in some locat ions . A s tudy by 
Cribbins et al. (5) conclusively showed that for non-controlled-access facilities the acci
dent rate increased with the number of openings in the median. An abnormally high 
number of crossovers on US-41 seems to cont ribute to the U-turn accident problem on 
that road. 

The severity of U-turn accidents seems to depend roughly on the type of accident, 
i.e., right-angle, oblique, or rear-end collisions (Table 2). Right-angle collisions, 
which account for 39 percent of the total U-turn accidents, caused 59 percent of these
vere injuries (Fig. 5). Less severe injuries resulted primarily from oblique and rear
end accidents. Overall, U-turn accidents are more prone to produce injury, as shown 
in Figure 6. In nearlyallof theU-turn 
accidents studied, at least one innocent 
driver was involved. 

Severe injury; bleeding wound, dislorted 
w member. or had to be canied rrnm scene 
w 
~ 

~ 

z .... 
:· . . 
" 0 ., .. 
" re·~ 

~ 
~ 

RIGHT OBLIOUE •f:AJt 
ANGLE END 

TYPE OF ACCIOEN T 

Figure 5. Severe injuries (type A) by 
type of U-turn accident. 
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Kentudcy State Pollce Injury Coding Scheme 

K - Death 
A • Severe injury; bleeding wound, distorted 

member,or had to be carried from scene 

B • Other visible injury as bruises, abrasions, 

swelling, limping, etc. 

C - No visible injury, but complaint or pain 

O • No injury; property damage only 

U-TURN ACCIDENTS ALL ACCIDENTS 

BO 

70 

60 

0 

Figure 6. Injuries associated with U-turn accidents com
pared with injuries associated with all accidents. 
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Figure 7. Frequency that state police cross median 
at crossovers. 

MEDIAN CROSSOVER USAGE 

An interview with the district engineer s 
of several highway districts provided in
formation on crossover usage by mainte
nance vehicles. Maintenance vehicles use 
crossovers primarily in winter during snow 
removal. The crossovers are convenienl 
for clearing an interchange area and for 
turning around at county lines where main
tenance responsibilities end. Other uses 
by maintenance vehicles are not readily 
predictable. As an example, when shoulder 
work is being performed, crossovers are 
used to lessen the distance for hauling ma
terials. There are also special situations 
such as separate rest areas serving trav
elers in either direction of travel where 
usually one crew maintains both facilities. 

Crossovers at each end of the rest areas enable the maintenance personnel to service 
both without undue inconvenience. 

State troopers who patrol Interstate and toll roads completed a questionnaire and 
provided much information on state police use of and attitude toward median crossovers. 
The questionnaire was designed by the Division of Research in cooperation with the Ken
tucky State Police. A representative from the Division of Research visited each post 
and explained the questionnaire. Cooperation from state police personnel was excellent. 
There were 132 completed from approximately 95 percent of the troopers solicited. 

State troopers use crossovers on a regular basis (Fig. 7). Eighty percent of the re
spondents reported using crossovers at least once a day. Eighty-two percent of the 
troopers admitted crossing the median at nondesignated locations (Fig. 8). Some 19 
percent of these cross the medians at other locations more than they do at regular cross
overs. When responding to an emergency and not being near a crossover, troopers will 
cut across the median wherever they happen to be. The only time this is not feasible is 
during periods of snowfall or heavy rain or where the median is difficult to cross, as 
for example on the Mountain Parkway. 

There were several questions designed to evaluate trooper attitudes toward cross
overs. When asked if crossovers were absolutely necessary for state police activities, 
84 percent replied that they were necessary. Of the 16 percent who thought they were 
not absolutely necessary, the majority were troopers who patrol the Kentucky Turnpike 
and I-65 where U-turn accidents are more prevalent. Further evidence of a difference 
in attitude is reflected by responses given 
in Table 3. Among all troopers, there is 
an obvious majority who favor more fre
quent spacing of crossovers. On the Ken
tucky Turnpike and I-65, where there is an 
accident problem, attitudes shift toward 
more stringent control of crossover usage. 
The majority of troopers on the Kentucky 
Turnpike feel that crossovers should be 
eliminated entirely. This would seem to 
indicate a general attitude that, where 
crossovers frequently cause accidents, 
their necessity is to be questioned. A no
table exception to this is US-41 in Hopkins 
County, which has a deeply depressed me
dian. Here the troopers have difficulty 
crossing the median , and they take a more 
forceful stand for the necessity of median 
crossovers. 
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DO YOU SOMETIME CRO SS THE MEDIAN AT NON·OE SIGNATEO 
LOCATIONS INOT AT REGULAR CROSS OV ERSJ IN YOUR 
PATROLLING ACTIVITIE S ? l~"I. 

YES 8 2 ~. 
IF YES , HOW OFTEN 7 

. ..... 

LESS THAN AT 

RE GULAR CRO SSOVERS 

Figure 8. Frequency that state police cross median 
at locations other than crossovers. 
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TABLE 3 

ATTITUDES OF STATE TROOPERS TOWARD LOCATION 
OF CROSSOVERS 

Percent Percent of Percent of 

Responsea of Troopers on Troopers on 

All Troopers 1-65 Kentucky 
Turnptke 

Located more frequently 65 60 0 

Located less frequently 2 4 10 

Eliminated entirely 7 12 50 

Eliminated near inter-
changes and located 
very sparingly between 
interchanges 19 20 30 

Other 4 10 

aThe responses were multiple choices to the question, If criteria were to be developed for the loca· 
tion of median openings or crossovers, do you feel that they should be ... ? 

MEDIAN CROSSOVER LOCATION 

All evidence indicates that guidelines and restrictive measures on the location and 
use of median crossovers are in order. A summary of the reasons for this conclusion 
follows: 

1. Median crossovers are prone to cause accidents. 
2. Crossovers seem to be a convenience, not a necessity, for maintenance activities. 
3. There is no consistent policy being followed for crossover locations . 
4. Crossovers are a necessity for s tate police activities only during inclement 

weather and where the median is difficult to cross (82 percent of troopers cross the me
dian at nondesignated locations). 

5. When the accident-producing aspect of crossovers is obvious, state police tend 
to be opposed to crossovers. 

Furthermore, the AASHO traffic safety committee concluded (3): "Any openings in the 
median can be the scene of unsafe driving, and should, therefore, be kept to a minimum." 
On several roads, accidents at median crossovers pose a special problem. These roads 
warrant separate discussion. 
Kentucky Turnpike 

The combination of narrow medians, relatively high traffic volumes, and confusing 
junctions makes the Kentucky Turnpike especially susceptible to U-turn accidents. Be
cause of the accident problem and the corresponding negative attitude of the state police 

Figure 9. Crossover located between bridge piers. 

toward median crossovers, crossovers on 
this facility might well be permanently 
closed. Crossovers located between bridge 
piers (Fig. 9) may be an exception. There 
have not been any accidents at these cross
overs. Retaining these crossovers on a 
conditional basis and noting whether they 
result in accidents could produce evidence 
on whether the hidden crossovers may be 
a solution to the problem in some locations. 

1-65 (South of Elizabethtown) 

Most crossover accidents on this road 
occur at one crossover. The first cross
over south of Elizabethtown at milepost 
87.3 has been the site of 13 U-turn acci
dents between 1965 and 1968 . If this 
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crossover were eliminated, drivers would have to travel a few more miles and turn 
around at an interchange. 

US-41 (Hopkins County) 

The occurrences of U -i.urn accidents on this road have been clustered around the 
Western Kentucky Parkway and KY-85 (at Madisonville) interchanges. Figure 4 shows 
that the crossovers are generally located very close to the interchanges. This close 
spacing contributes to the problem by requiring quick decisions from the driver making 
the U-turn. Sixty- three percent of the U-turn accidents are right-angle accidents caused 
by drivers turning from the outside lane into the path of another vehicle. To eliminate the 
abnormal number of U-turn accidents on this road, it would be desirable to eliminate 
all the crossovers. With interchanges spaced on the average only 2. 75 miles apad, 
elimination of crossovers might be acceptable if it were not for the deeply depressed 
median that troopers find difficult to cross. An alternate solution would be to eliminate 
crossovers near interchanges and have only one cr ossover , at most, between any two 
interchanges. 

Interstate Roads 

In general, Interstate roads do not need many crossovers. Interchanges are spaced 
on the average about 5. 5 miles apart, and the median can be easily crossed, if necessary, 
The present spacing is adequate for most purposes. There are, however, some excep
tions. Crossovers near interchanges might be eliminated or at least moved. Inter
changes and crossovers should be spaced so that there is a fairly uniform distance be
tween two crossovers or an interchange and a crossover. Because crossovers are 
designed for convenience, the somewhat erratic spacing now found on many road sec
tions can hardly be justified. 

Toll Roads 

The present spacing of crossovers on most toll roads, with the exception of the Ken
tucky Turnpike, presents few problems. Where the median can be easily crossed, cross
overs spaced 5 miles apart would suffice. On toll roads with deeply depressed medians 
that cannot be easily crossed, closer spacing may be desriable. 

Other Considerations 

Among those who favor the use of mediari crossovers, there seem to be 2 different the
ories as to crossover locations. The first group maintains that crossovers are going 
to be used by the general public in any event. Therefore, crossovers should be located 
in prominent locations, have adequate sight distance, and be conspicuously signed. The 
second group says that crossovers should be hidden from the public eye and not signed. 
An article on operational problems on controlled-access facilities (1) stated: "Cross
overs should be as inconspicuous as possible to prevent use by the public .... For en
forcement purposes signs prohibiting public use are required, such as NO U-TURN
FOR OFFICIAL USE ONLY." 

The policy to place crossovers in inconspicuous locations and then sign them seems 
contradictory. At the present little effort is made to make crossovers inconspicuous. 
However, on the KentuckY Turnpike, there have been no accidents at the crossovers lo
cated between the bridge piers during the 4 years of the study. This would indicate the 
desirability of using hidden crossovers. 

Responses on the questionnaire indicated that there is some question as to the word
ing of the sign FOR EMERGENCY AND MAINTENANCE VEHICLES USE ONLY. Many 
troopers questioned the length and the message of the sign. It may be in order to study 
the contrasting effects at crossovers having the present sign, no sign at all, and a sign 
with a negative connotation like NO U-TURNS or U-TURNS ARE ILLEGAL. It is doubt
ful that signing changes are a solution, but the possibility should be investigated. 

CONCLUSIONS 

The purpose of this study was to examine median crossovers on controlled-access 
facilities in an attempt to determine the necessity for them. Although crossovers are 
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desirable and worthwhile for state police and maintenance uses, crossover s can only 
be considered as a convenience, not a necessity, and should be eliminated if an accident 
problem arises. Accident prevention was the foremost consideration in the development 
of the following c riteria that appear to be warranted with respect to crossover location: 

1. Median crossovers should not be located in or near urban areas, i.e., cities hav
ing populations of 10,000 or greater. 

2. Median crossovers should not be located near major interchanges, i. e., the 
intersection of 2 controlled-access facilities. There should be no crossover between 
the interchange area and the next interchange on all connections, except on some toll 
roads where distances between interchanges may be extremely great. 

3. Median crossovers should not be located within 2 or 3 miles of an interchange. 
4. Any median crossover located so that the general public may be tempted to use 

it will cause accidents and should be eliminated. 

Applying more stringent controls to the location and use of median crossovers than 
now employed may result in a 5 percent reduction in accidents on Interstate and toll 
roads. 
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Relationship Between Curvature and 
Accident Experience on Loop and 
Outer Connection Ramps 
JOHii G. YATES, Westat Research, Inc. 

This paper examines the relationship between accident rate and curvature on 
loop and outer connection ramps of the Interstate Highway System. Ramp 
characteristics considered include maximum curvature , location of ramp, 
enter or exit direction with respect to the main- line unit, and average daily 
traffic. Accidents per million vehicles are used as the primary indication 
of accident experience. Results of the investigation indicate that accident 
rates increase with maximum curvature for all right entering or exiting 
loops and outer connections except rural loops. Accident rates are lower on 
right entering or exiting outer connections with no curvature (less than 1 deg) 
than on those with curvature for all but one urban ADT category. All urban 
right entering or exiting loops and outer connections, except urban loops, 
show a positive correlation between ADT and accident rate. The effect of 
traffic volume on rural ramp safety for various curvatures exhibited mixed 
relationships. 

eTHE PURPOSE OF THIS PAPER is to examine the influence of maximum curvature 
and average daily traffic (ADT) on the accident rate of loop ramps and outer connection 
ramps. This study grew directly out of the first general analysis (1) of the Interstate 
System Accident Research, Study II (ISAR-11), and is similar to a recent ramp study 
conducted in part by the author (~). 

This analysis is restricted to a study of right entering or exiting (REE) and left 
entering or exiting (LEE) loop ramps and outer connection ramps in urban and rural 
areas as defined in the ISAR-II data base. (Terms used in this paper are defined in a 
glossary at the end of the paper.) These 2 types of ramps are integral parts of clover
leaf interchanges, and all ramps in this study are part of the Interstate Highway System. 
These 2 types of ramps were not compared in this study, though various figures are 
available if such a comparison is desired. · 

This study examines the geometric variable, maximum curvature, the traffic vari
able, ADT, and several characteristics of ramp accidents. Maximum curvature, as 
measured in this data base, is not a continuous variable but a discrete variable with 
10 possible categories of curvature varying from 0 to 36 deg and above. Maximum 
curvature as well as ADT data were each stratified into 3 groups. Also, accident rate 
comparisons were made between no-curvature and curvature outer connections as well 
as between low- and high-curvature loop ramps. Accident characteristics, such as 
time of accident and manner of collision, were also examined. 

FINDINGS 

1. Except for ramps located in rural areas, all REE ramps show an increase in 
accident rate with increasing curvature. 

2. All rural LEE or REE outer connections as well as REE loops show a mixed 
relationship between accident rate and increasing ADT, whereas all urban REE or 
LEE outer connections show increasing accident rate with increasing ADT. 

Paper sponsored by Committee on Operational Effects of Geometrics. 
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3. Outer connection ramps without curvature have accident rates lower than those 
on outer connection ramps with curvature in urban and rural areas for all ADT levels 
except 0 to 500 for urban outer connections. 

4. Urban loop ramps with high curvature have accident rates higher than those on 
urban loop ramps with low curvature for most ADT categories. But, rural loop ramps 
with low curvature have accident rates higher than those on rural loop ramps with high 
curvature for most ADT categories. 

5. Urban loops and outer connections, regardless of left turning or right turning, 
dramatically differ from rural loops and outer connections in ADT levels (higher in 
urban), curvature (higher in urban), accident rates (higher in urban), .manner of colli
sion of accidents (mostly rear-end in urban) , vehicles per accidents (greater than 1.5 
vehicles per accident in urban), accidents involving commercial traffic (lower in urban), 
and in the period of occurrence of accidents (mostly between 7 a. m. and 6 p. m. in 
urban). 

6. For urban REE, loops and outer connections, the percentage of rear-end colli
sions and the percentage of daytime (between 7 a. m. and 6 p. m.) accidents increase 
with maximum curvature. 

7. For rural REE outer connections, the percentage of noncollision accidents in
creases with maximum curvature. 

ANALYSIS 

Data Characteristics 

The data were obtained from the Interstate System Accident Research, Study II, 
data base. The number of data points available are as follows: 

Ramp 

Outer connections 
Loops 

REE 
Urban 

1,548 
1,084 

REE 
Rural 

1,364 
852 

LEE LEE 
Urban Rural 

122 101 
10 7 

Because of the insufficient number, LEE loops were excluded from this analysis. 
Because there were so few 2-lane ramps, 1-lane and 2-lane ramps were not sepa

rated, but a distinction was made for analysis purposes between urban and rural and 
between REE and LEE ramps. Thus, 

Maximum Curvature 

Traffic All 
Volume (Veh /Day) <20 20-30 >30 Curvature 

0 - 1000 

1000 - 4000 

Over 4000 

All Volume 

The table has 40 cells each containing lhe following accident data: 
I . Number of accidenl.8 a year/tot.aJ lra£6c volume for year of vehicles, 
2. Number of injuries a year/total traC6c volume for year of vehicles. 
3_ Number of fatalitie.s a year/total traffic volume for year of vehicles, 
4. Property damage o year/ total lraCfic volume for year of vehicles. 
5. Number of acr:identa a year. 
6. Accidents to injuries ratio. 
7. Number of unitA. 

Figure 1. Sample output table generated by computer 
program for each model. 

there are 6 individual study groups 
in this analysis: 

1. Urban loops, right enter or 
exit 

2. Rural loops, right enter or 
exit 

3. Urban outer connections, right 
enter or exit 

4. Rural outer connections, right 
enter or exit 

5. Urban outer connections, left 
enter or exit 

6. Rural outer connections, left 
enter or exit 

The first four are referred to as the 
primary study groups, and the last 
two referred to as the secondary 
study groups. Table 1 gives the con
tribution of data points by state for 
these 6 groups. Urban areas are 



66 

TABLE 1 

DATA POINTS BY CONTRIBUTING STATE 

REE Loops REE Outer Connections LEE Outer Connections 

State Urban Rural Urban Rural Urban Rural 

No. Percent No. Percent No. Percent No . Percent No . Percent No. P e rcent 

Arizona 6 0 .6 30 3.5 4 0.2 45 3 .3 11 10.9 
California 37 3.4 24 2.8 158 10.2 44 3.2 4.1 1 9.9 
Connecticut 146 13 .5 75 8.8 247 15.9 148 10.8 
Florida 3 0.4 
Illinois 487 44 .9 230 27.0 550 35.5 304 22 .3 85 69.7 15 14 .9 
Indiana 3 0.4 6 0.4 
Kansas 110 10.1 i79 il.5 u n n o .v 

Michigan 14 1.3 24 2.8 39 2.5 53 3 .9 3.0 9.9 
Minnesota 28 2.6 27 1.7 
Missi ssippi 6 0.6 18 1.2 2.5 
Montana 21 2.5 54 4 .0 0.8 
New York 35 3 .2 10 1.2 40 2.6 25 1.8 
North Carolina 125 11.5 172 20.2 133 8.6 285 20.9 4.1 21 20.8 
North Dakota 5 0.6 4 0.5 4 0.-S 10 0.7 9 8 .9 
Ohio 46 5.4 54 4.0 
Oklahoma 2 0 .2 5 0 .6 2 0.2 15 1 .1 2 2.0 
Pennsylvania 10 0.9 8 0.9 13 0.8 14 1.0 
Rhode Island 3 0.3 26 1.7 4 .9 
South Dakota 16 15.8 
Vermont 28 3.3 70 5.1 13 12.9 
Virginia 62 5.7 77 9.0 94 6.1 123 9.0 1.6 7 6.9 
Wisconsin 8 0.7 92 10 .8 8 0.5 115 8.4 5 5.0 

Total 1,084 100 852 100 1,549 100 1,364 100 122 100 101 100 

dominated by Illinois data while rural areas are dominated by both Illinois and North 
Carolina data. 

Analytical Approach 

The accident data for the 2 ramp types studied were tabulated by a computer program 
that was written by using a previously generated n-tuple tape for each ramp as input 
data. (In order to speed processing time, the n-tuple tape took only a limited number 
of variables from the original number in the ISA'.R-II data base.) A typical computer 
table of the accident data is shown in Figure 1. The tables are labeled at the top as 
to ramp type and location. The first 3 columns represent 3 maximum curvature cate
gories. The fourth column sums th.e preceding 3 columns. Similarly, the first 3 rows 
provide a 3-way breakdown for ADT, and the fourth sums the preceding 3 rows. The 
l ower right cell gives accident data for all the data points in that table. The various 
measures of safety and descriptive statistics tabulated for each cell of the tables are 
also shown in Figure 1. Computer programs were also used to tabulate accident char
actertistics and frequency distributions of data by ADT, curvature, and state. 

Urban Versus Rural and REE Versus LEE 

Data given in Tables 2, 3, and 4 show the marked differences among the 3 urban 
study groups and the 3 rural study groups. Table 2 gives ADT frequency distributions 
for each of the 6 study groups. Obviously, the ADT frequency distributions for the 3 
rural study groups differ from the distributions for the 3 urban study groups. ADT 
distributions peak at lower volumes and drop off more rapidly in the rural · than in the 
urban distributions. 

Table 3 gives maximum curvature frequency distributions for each of the 6 study 
groups. Curvature distributions peak at a lower maximum curvature in the 3 rural 
than in the 3 urban distributions. Of course, this is expected because land in urban 
areas is usually more difficult to obtain for an Interstate Highway than in rural areas. 

Table 4 gives accident characteristics for each of the 6 study groups. Because the 
LEE outer connections in rural areas have only 14 accident samples, the accident 
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TABLE 2 

AVERAGE DAILY TRAFFIC FREQUENCY DISTRIBUTION 

REE Loops REE Outer Connections LEE Outer Connections 
Average 

Daily Urban Rural Urban Rural Urban Rural 
Traffic 

No. Por cont No. .Per cont No. Percent No . P ercent No. Percent No. Percent 

O to 499 228 21.0 599 70 .3 288 18 .6 809 59 .3 3 2.5 27 26 .7 
500 to 999 226 20.8 177 20 .7 317 20 .4 353 25.9 15 12.3 33 32.7 
1, 000 to 1, 499 141 13.0 54 6 .3 239 15.4 111 8 .1 21 17 .2 10 9,9 
1, 500 to 1, 999 158 14 .6 8 0 .9 202 13 .0 38 2.8 17 13.9 7 6.9 
2, 000 to 2, 499 94 8 .7 5 0. 6 122 7 .9 36 2 .6 9 7 .4 3 3.0 
2, 500 to 2, 999 46 4.2 6 0 .7 90 5.8 13 1.0 6 4 .9 3 3.0 
3, 000 to 3, 499 55 5.1 0 0 53 3.4 2 0 .1 3 2.5 6 5.9 
3, 500 to 3, 999 42 3.9 1 0 .1 67 4.3 1 0 .07 2 1.6 4 4.0 
4, 000 to 4, 499 35 3.2 0 0 46 3.0 0 0 2 1.6 4 4.0 
4, 500 to 4, 999 13 1.2 1 0 .1 23 1.5 1 0 .07 1 0 .8 1 1.0 
5, 000 to 5, 499 12 1.1 0 0 31 2.0 0 0 4 3.3 1 1.0 
5, 500 to 5, 999 4 0.4 0 0 12 0.8 0 0 2 1.6 1 1.0 
6, 000 to 6, 499 4 0.4 1 0 .1 12 0.8 0 0 6 4.9 1 1.0 
6, 500 to 6, 999 8 0 .7 0 0 12 0 .8 0 0 3 2 .5 0 0 
7, 000 and over 18 1.7 0 0 34 2.2 0 0 28 22.9 0 0 

Total 1,084 100 852 100 1,548 100 1,364 100 122 100 101 100 

characteristics of this study group probably are not representative of all LEE outer 
connections. In general, accidents of the 3 urban study groups occur mostly between 
7 a. m. and 6 p. m.; most are 2-vehicle accidents, usually rear-end collisions. Acci
dents of the 3 rural study groups are much more likely to occur in the evening or at 
night, and to be single-vehicle accidents in which vehicles leave the road with or without 
hitting a structure. The 3 urban study groups have fewer accidents involving com
mercial vehi cles (less than 10 percent) than the 3 rural study gr oups (more than 13 
percent). This figure though, may only indicate that a greater percentage of rural 
traffic is commercial traffic. Unfortunately, the percentage of rural traffic that is 
commercial was not on then-tuple tape, though it was in the original data base. 

Figures 2 through 5 show accident, injury, fatality, and property damage rates 
respectively for each of 6 study groups for urban and rural areas. The accident rates 
are higher for ramps in urban areas than ramps in rural areas. The dotted lines in
dicate the various rates when all truck and bus traffic has been removed. The influence 

TABLE 3 

MAXIMUM CURVATURE FREQUENCY DISTRIBUTION 

REE Loops REE Outer Connections LEE Outer Connections 

Curvature Urban Rural Urban Rurn.I Urban Ru r al 

No . Percent No. Perce nt No. Perce nt No . Percent No. Percent No . Percent 

Tangent 111 7 .2 58 4.3 15 12.3 17 16.8 
0 deg 29 min 

and under 4 0 .3 0.2 5.0 
0 deg 30 min to 

1 deg 29 min 11 0 .7 4 0 .3 11 9.0 2.0 
1 deg 30 min to 

2 deg 59 min 30 1.9 47 3.4 10 8.2 9 8.9 
3 deg to 4 deg 

59 m in 0.3 0 .2 48 3 .1 65 4.8 21 17 .2 36 35.6 
5 deg to 8 deg 

59 min 0.1 0 .6 243 15.7 409 30 .0 24 19.7 24 23.8 
9 deg to 14 deg 

59 m in 42 3 .9 35 4 .1 351 22 .6 373 27 .3 14 11.5 4.0 
l5 deg to 23 deg 

59 m in 64 5.9 90 10 .6 294 19 .0 244 17 .9 19 15.6 3.0 
24 deg to 35 deg 

59 min 271 25 .0 287 45.4 191 12 .3 113 8 .3 6 4 .9 
36 deg and over 703 64 .8 333 39 . l 265 17 .1 48 3.5 2 1.6 1 1.0 

T otal 1, 084 100 852 100 1, 548 100 1,364 100 122 100 101 100 
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TABLE 4 

PERCENTAGE DISTRIBUTION OF ACCIDENT CHARACTERISTICS 

Accident Characteristics 

Time of accident 
Night (12 to 7 a . m .) 
Evening (6 to 12 p . m .) 
Day (9 a . m. to 4p . m .) 
Rush (7 to 9 a. m. and 4 to 

6 p.m.) 

Manner of collision 
Hear-end 
Head-on 
Angle 
Collision with pedestrian 
Other collision 
Noncollision 
Not known 

Vehicles per accident 
1 vehicle 
2 vehicles 
3 vehicles 
4 vehicles 

Ratio of vehicles to accidents 

Type of vehicle involved 
Passenger cars 
P edestrian 
Unknown or other 
Trucks and buses 

Total number of accidents 

79 .1 '18.4 

REE Loops 

Urban 

15.8 
16 .0 
33 .5 

34 .6 

48 .4 
0.3 
1.3 

0 
34.4 
15.4 

0 

49.3 
28 .9 

1.3 
0.4 

1.53 

89 .7 
0 

1.1 
9 .2 

537 

0 urban 
~ rural 
- -- c;ara 

55.5 only 
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of trucks and buses on the fatality rates is very small, but on property damage rates, 
very large, especially on rural loops. 

The importance of separating urban and rural data is that dividing lines for ADT and 
maximum curvature for the analyses to follow can be selected without bias. For ex
ample, if urban and rural data were not separated, the lower ADT level of 0 to 1,000 
vehicles used in the analysis would contain mostly rural data points and the level of 
1,001 to 4,000 would be mostly urban data points. Thus, a bias of rural data would 
exist in the lower ADT level of the example. Therefore, an urban-rural bias has been 
a.voided by the realization of the difference in geometric variables, traffic variables, 
and accident characteristics between urban and rural ramps. 

The data given in Tables 1 through 4 demonstrate and support the di vision of the 
ramp types into urban and rural. The data were also divided into left entering or exit
ing ramps and right entering or exiting ramps for the reason that there are so few left 
entering or exiting ramps that the ordinary driver has more difficulty negotiating them 
because he is less familiar with their traffic movement. 

Separating the left and right entering or exiting ramps also allows each group to be 
more homogeneous and thus reduces possible bias. The only drawback from this sep
aration is that it creates LEE categories for which there are few data points. 

Maximum Curvature 

Maximum curvature as defined in the data base is simply the greatest curvature that 
would be experienced by a driver as he drives his vehicle a.long the ramp. AASHO (3) 
defines maximum curvature as a "limiting value for a given design speed determined 
from the maximum rate of super-elevation and the maximum side friction factor." Thus, 
the 2 definitions of maximum curvature do not necessarily coincide. 

Maximum curvature may have served as a proxy variable in this analysis for other 
important design variables such as minimum stopping sight distance or distance from 
approach nose to portion of the ramp where curvature exceeds 10 deg. These 2 parti
cular variables were examined, in a similar manner to ADT, by using a computer 
program, but no correlation was found between their results and maximum curvature 
results. Also, other connections and loops with very high maximum curvature could 
not be isolated because of the nature of the data base that combines all ramps with 
curvatures above 36 deg. This is only a minor drawback of the data base, however, 
and does not affect these results. 

Generally, each of the 6 study groups, except for REE rural loops, showed an in
crease in accident rate with an increase of maximum. curvature (Fig. 6) . 

Outer connection ramps can be thought of as having curvature or no curvature. 
Table 5 gives a comparison of accident rates for various ADT levels for urban and 
rural outer connections with and without curvature. An outer connection was considered 
to have no curvature if its curvature was less than 1 deg. For each ADT level in urban 
and rural areas, except for 0 to 499 urban outer connections, the no-curvature ramps 
have smaller accident rates than those with curvature. 

TABLE 5 

ACCIDENT RATES ON OUTER CONNECTIONS BY CURVATURE AND ADT 

Urban Rural 

ADT Without With Without With 
Curvature Curvature Curvature Curvature 

(<1 deg) (>1 deg) (<1 deg) (> 1 deg) 

0 to 499 0.74 0.64 0 0 .67 
500 to 1,000 0.34 0.72 0.13 0.49 
1,001 to 1, 500 0.64 0.84 0 0.61 
1, 501 to 2, 000 0 .15 0.93 oa 0 .20 
2,001 and over 0.49 0.82 oa 0.72 
All volumes 0.44 0.81 0 .05 0.56 

8Less than 10 study units. 
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TABL E 6 

ACCIDENT RATES ON LOOPS BY CURVATURE AND ADT 

Urban Rural 

ADT Low High Low High 
Curvature Curvature Curvature Curvature 
(<12 deg) (>36 deg ) (<12 deg ) (>36 deg) 

0 to 499 oa 0 .841 1.000 0.26 
500 to 1,000 oa 0.960 0.810 0.37 
1,001 to 1, 500 1 .32oa 0.690 oa 0 
1, 501 to 2, 000 0 0.720 oa 0 
2,001 and ove r 0.141 1.000 _ a 0 
AJl volumes 0 .200 0.940 0.631 0.25 

aless than 10 study units. 

It is impossible to examine separately those ramps with extremely high curvature 
because of the design of the data base. Th.is deficiency is especially felt for urban 
loop ramps for which 60 percent of the data are in the highest curvature category . Thus 
a comparison was made be tween accident rates on loops with low curvature (maximum 
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curvature of 12 deg or less) and loops with 
high cw·vature (maximum curvature of 
36 deg or greater). Table 6 gives this 
comparison. In urban areas, high curva
ture loops have high accident rates for 
most ADT levels ; in rural areas, low cur
vature loops have high accident rates for 
most ADT levels. 

Average Daily Traffic 

The 3 urban study groups are examined 
separately from the 3 rural study groups 
because of differences in ADT levels. The 
3 urban study groups had ADT breakdowns 
of 0 to 999, 1,000 to 4,000, and 4,001 and 
over . The 3 rural study groups had ADT 
breakdowns of 0 to 249, 250 to 750, and 
751 and over. 

The assumption in the examination of ADT is that, as it increases, the accident rate 
also increases because of vehicle interaction. Thus, one would not expect the 3 rural 
study groups to demonstrate increasing accident rate with increasing ADT because the 
ADT levels are so very low that vehicle interaction is low even at high (751 and over) 
rural ADT levels. Figure 7 shows the relationship between ADT and accident rates for 
each of the 6 study groups. Because of low ADT levels, the 3 rural study groups show 
no relationship between accident rate and increasing ADT. Increasing ADT increases 
accident rates in urban areas for REE and LEE outer connections but not for loops. 

Time Period 

Accident rates for various time periods on the ramps in urban and rural areas are 
shown in Figure 8. 

Accident Characteristics by Maximum Curvature 

The accident characteristics of the primary study groups were examined to locate 
those characteristics that increased consistently with maximum curvature . In u1·ban 
areas for all the primary study groups, the percentage of rear-end collisions and the 
percentage of day (7 a. m. to 6 p. m.) accidents increase with maximum curvature 
(Figs. 9 and 10). Similarly, in rural areas for REE outer connections, the percentage 
of noncollision accidents increases with increasing maximum curvature (Fig. 11). On 
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rural loops the percentage of noncollision accidents also increases for low and mediwn 
maximum curvatures, but decreases for high curvature. 

CONCLUSION 

In this examination of outer connection and loop ramps, data were separated into 8 
groups: REE and LEE outer connections and loops in urban and rural areas . After 
the number of data points in each group were examined, 2 groups (urban and rural LEE 
loops) were discarded. 

The remaining 6 groups were examined for relationships between accident rate and 
maximl1m curvature and ADT. At firs t, each group was inspected individually for opti
mum data groupings for the analysis. Results indicated that (aj except for loops, in 
rural areas, all REE ramps showed an increase in accident rate with increasing maxi
mum curvature, and (b) all ramps in urban areas, except urban loops, showed an in
creasing accident rate with increasing ADT. 

Curvature ve1·sus no curvature was examined for outer connections and low curva
ture versus high curvature for loops. In both analyses, comparable m·ban-rural ADT 
levels were used. Outer connections without curvature have smaller accident rates 
tl1an those with curvature in both urban and rural areas for all ADT levels except 
0 to 499 on outer connections in urban areas. Unfortunately, the design of the data 
base prevented a true comparison of loops with low curvature with loops with high cur
vature. But, results showed that rural loops with low curvature had higher accident 
rates than ru1·al loops with high curvature whereas the reverse was true fol' urban 
loops. The percentage of rear-end collisions and tl1e percentage of day (9 a. m. to 
4 p. m.) accidents also increased with maximwn curvature on EE urban loops and 
outer connections. 
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GLOSSARY 

accident rate. Accidents per 100 million vehicles. 

average daily traffic. Total traffic volwne during a stated period divided by the number 
of days in that period. Unless otherwise stated, fue period is a year. Abbreviation 
ADT. 
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commercial vehicle. A motor vehicle designed pdmarily for transportation of goods 
or more than 10 passenge1·s or both in connection with business, industry, agricul
ture, public service, or the exploitation of natural resources. 

criterion variable . Variable used as a measure of relative safety. In this study, acci
dent rate is used as the criterion variable. Also called response variable. 

data point. An n-dimensional point whose coordinates represent the criterion variable 
and the various independent variables. A new data point is produced for each year 
that a particular unit is studied. 

injury rate. Injuries per million vehicles unless specifically noted. 

left entering or exiting ramp. Ramp that exits or enters on the left side of the main
line roadway looking in the direction of the traffic flow. A left entering or exiting 
outer connection or loop almost always requires a left-turning movement. Abbrevia
tion LEE. 

loop ramp. A one-way turning roadway that curves about 270 deg to the right to ac
commodate a left-turning movement. It may include provision for a left turn at a 
terminal to accommodate another turning movement (AASHO). Also called loop. 

maximum curvature. The greatest degree of curvature that is experienced by a driver 
negotiating a study unit, which in this paper, are loop and outer connection ramps. 

noncollision accident. An accident in which a vehicle leaves the road but does not 
strike any object. 

other collision accident. An accident in which a vehicle leaves the road and strikes 
an object without having hit another vehicle or object on the roadway. 

outer connection ramp. A one-way turning roadway primarily for a right-turning 
movement. It may include provision for a left turn at a terminal to accommodate 
another turning movement (AASHO). In this study, diamond interchange ramps that 
satisfy this AASHO definition were not included in this category. Also called outer 
connection. 

primary study groups. The following 4 study groups: urban right entering or exiting 
loops, urban right entering or exiting outer connections, rural right entering or 
exiting loops, and rural right entering or exiting outer connections . 

right entering or exiting ramp. Ramp that exits or enters on the right side of the main
line roadway looking in the direction of the traffic flow. A right entering or exiting 
outer connection or loop nearly always requires a right-turing movement. Abbrevia
tion REE. 

rural. Any area not classified as a suburban area or an urban place, except an urban 
place with a population less than 5 ,000. 

study groups. The 6 individual groups of data studied. The 2 ramp types, loop and 
outer connection, divided into urban or rural and right or left entering or exiting 
make 8 possible study groups, but, because left entering and exiting loops lacked 
sufficient data, the number was reduced to six. 

urban. Urban places with populations equal to or greater than 5 ,000 and suburban 
areas surrounding urban places. 



Visibility Problems in Crest Vertical Curves 
M. LIVNEH, J. PRASHKER, and J. UZAN, Technion, Israel Institute of Technology 

The length of a crest vertical curve is governed by visibility 
considerations. The minimum length is based on the stopping 
sight distance; the ma:ximum length is based on the passing 
sight distance, and overtaking is allowed throughuul ils length. 
The object of the present paper is theoretical determination of 
the zone of overtaking visibility in a curve designed on a below
maximwn basis. The analysis covers 2 cases: (a) overtaking 
vehicle inside and oncoming vehicle outside the curve and (b) 
both vehicles outside the curve. The corresponding curve geom
etries were also considered. The equations obtained were 
computer-solved for curves with slope difference ranging from 
2 to 12 percent, passing sight distances corresponding to the 
design speed range of 50 to 110 km/hr, and length limits cor
responding to the stopping and passing sight distances respec
tively. Results were rendered in convenient graph form, per
mitting determination of Ute type of division line and the length 
of the no-overtaking zone to be marked on a 2-way 2- lane high
way in the vicinity of the curve. The length of the no-overtaking 
zone increases with the overall length of the curve, up to the 
maximum (unrestricted overtaking). The conclusion is that, in 
order to reduce the no-overtaking zone in below-maximum 
cases, it should preferably be as short as possible within the 
requi1·ement limits of overtaking visibility and driving con
venience. 

•CONVENTIONAL DESIGN of a c1·est vertical curve (hereinafter referred to simply 
as curve) in a 2-way 2-1ane highway involves 2 extreme cases: minimal, with over
taking prohibited altogether, and maximal, with overtaking allowed throughoutits length, 
based respectively on the sight distance required for stopping and passing (ove1·taking) 
at a given speed. Even in a minimal curve a point exists beyond which visibility is in
s·ufficient for overtaking. The design is frequently based on a criterion radius that 
generally satisfies this minimal requirement, and overtaking is allowed along part of 
the curve in such cases. A solid division line throughout the curve and beyond it would 
be unrealistic and make every driver a potential offender, as is bound to happe.n wher
ever overtaking is prohibited along obviously safe stretches. Removal of the overtaking 
restriction is indicated on the highway by a broken line parallel to the solid line, and 
advance notice of the reduced sight distance is indicated by a special closely spaced 
broken line (warning line) equal in length to the passing sight distance and originating 
at the point beyond which there is no overtaking visibility. A vehicle that starts to 
overtake short of this point will be able to complete the move; after this point, the 
warning line is equivalent to the solid line. 

The o.bject of this paper is the theoretical determination of the different zones from 
the viewpoint of overtaking safety. This was done graphically or by means of practical 
field tests in situ. 

Paper sponsored by Committee on Operational Effects of Geometrics. 
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Figure 1. Parabolic crest vertical curve. 

DETERMINATION OF VISIBILITY ZONES 

The design is generally based on a parabolic curve (Fig. 1) with the following 
equation: 

Ai 2 . H 
y = - 4T x + ix + A 

Ai = i - j 

where 

y = elevation of a point on the curve; 
x = distance of the point from the origin of the coordinate system; 

Ai = algebraic difference of Ute tangential slopes i and j; 
2T = length of the curve in plan; and 

HA = elevation of point A, the initial point of the curve. 

(la) 

(lb) 

In the range of longitudinal slopes used in road design, it can be shown that the radius 
of curvature is constant at close approximation: 

y " 
l/R = ----

( 1 + y'2f/2 
(2) 

Because the slope y' is relatively small, y '
2 

in the denominator is negligible with re
spect to unity, and we have 

R :!:! 1/y" = 2T 
Ai 

(3) 

An additional assumption is that the true length and projection of a sloping line are 
equal. In these circumstances, the results would not be affected by slight rotation of 
the system. Accordingly, the absolute values of slopes i and j are immaterial in the 
following analysis; the only significant parameters are h, level of driver's eyes above 
the ground, and the difference Ai. The sight distances in both directions are symmetric 
with respect to the intersection point C of the 2 tangents. 

In determining the driver's sight distance with respect to an oncoming vehicle, the 
4 cases given in Table 1 should be distinguished. According to the German Code (1), 
h equals the height of the oncoming car, so that cases la and 2b are identical. -

Case la 

Case la, in which the overtaking vehicle is inside and the oncoming vehicle is outside 
the curve, is shown in Figure 2. The parabola equation is used to obtain the elevation 
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of point E ', driver's eye level in the overtaking car, which is 

(4) 

The slope of the line of sight, y ', is 

y' ai ( ) . -- x+m + 1 
2T 

(5a) 

and 

(5b) 

m equals at least the stoppi ng sight distance in the minimal case. The elevation of 
point D ', level of r oof of oncoming vehicle, obtained from the slope of the sight line from 
Eq. 5a is given by 

(6) 

wllere Sp is the passing sight distance. The same elevation obtained from the parabola 
equation is 

Hn, =HA+ Ti +(Sp + x - T) j + h (7) 

TABLE 1 

CASES USED IN DETERMINING SIGHT DISTANCE 

Case Vehicle 
Position in Case Vehicle Position In 

Curve Curve 

la Overtaking Inside 2a Overtaking Outside 
Oncoming Outside Oncoming Outside 

lba Overtaking Inside 2b Overtaking Outside 
Oncoming Inside Oncoming Inside 

8 For a curve not based on passing sight distance, case lb is irrelevant. 
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Figure 2. Sight line-one vehicle inside and one vehicle outside curve. 
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Equating both expressions, we have 

Ai 2 (Ai ·) 
4T x + 2T Sp - A1 x + (8) 

For a given curve with known Ai and 2T and for Sp corresponding to a given design 
speed, Eq. 8 yields x, the coordinate of the point beyond which there is sufficient visi
bility for overtaking. Of the 2 roots of the quadratic equation, only the one satisfying 
the following 3 conditions is relevant: 

Case 2a 

x~o 

(x+m)s;2T 
(x +Sp)~ 2T 

(9a) 
(9b) 
(9c) 

Case 2a, in which both vehicles are outside the curve, is shown in Figure 3. This 
situation exists only for Sp > 2T. As the diagram shows, 

Sp = v + m + n + w = v + T + w (10) 

where 

v = the distance from the vehicle situated outside the curve to the intersection point 
F of the line of sight of the vehicle with the grade line of the beginning of the 
curve (Fig. 3 ), and 

w = the corresponding distance when the vehicle is on the other side of the curve. 

The slope of the sight line is 

(11) 

The angles between tangent and sight line are (i - y') and (-j + y ') respectively, and we 
have 

h h 
v = i - y' x/R (12) 

y 

T T 

m w 

s 

0 

Figure 3. Sight line-both vehicles outside curve. 
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h h 
w = -j +y' = -x/R + ~i (13) 

Where R is the curve radius. Substituting these in Eq. 10, we have 

(2Sp - RAi)x2 - RAi.(2Sp - RAi)x + 2R2h~i = 0 (14) 

x1 and x2, the roots of Eq. 14, are symmetrical with respect to the vertical through C, 
namely, 

X1 = 2T - X2 (15) 

The positions of the vehicles in the coordinate system are 

(16) 

for the overtaking vehicle, measured from the initial point of the curve, and 

b = Sp - a - 2T (17) 

for the oncoming vehicle, measured from the end point of the curve. 

Identification of Relevant Case 

Case la, one vehicle inside and one vehicle outside the curve, is represented by Eq. 
8. For this case, one of the solutions must obey conditions in Eqs. 9a, 9b, and 9c. Case 
2a, both vehicles outside the curve, is represented by Eq. 14. For this case, both a 
and b, obtained from Eqs. 16 and 17, must be positive. Exclusion of one case indicates 
validity of the other. 
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Figure 4. Determination of no-overtaking zone-both vehicles outside curve. 
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Mar king of Division Line 

Figure 4 shows the lines for case 2a, both vehicles outside the curve. For reasons 
of symmetry, a and b determine the length of the no-overtaking zone on both sides of 
the curve. This case is confined to a small angle ~i. 

Figure 5 shows the lines for case la, one vehicle outside and one vehicle inside the 
curve. The distance x is obtained from Eq. 8, and the initial point of the division line 
is given by 

c = Sp+ x - 2T (18) 

wher e c is the position of the oncoming vehicle, measured from the end point of the curve. 

TABLE 2 

STOPPING AND PASSING SIGHT DISTANCE 
ACCORDING TO DESIGN SPEED 

Design Speed Passing Sight Stopping Sight 

(km/ hr) Distance Distance 
(m) (m) 

50 340 60 

65 460 85 

80 550 110 

95 640 145 

105 700 170 

110 760 185 

130 820 230 

COMPUTATION DATA 

Equations 8 and 14 were solved on an 
Elliott 503 computer for the following i 
values: 0.02, 0.04, 0.06, 0.08, 0.10, and 
0.12. Sight distance or S-values age given 
in Table 2 (2 ). 

The curve length corresponding to each 
~i and S was determined for h = 1. 20 m, 
the elevation of an object on the road being 
taken as zero. 2T values ranged from 
2T s for stopping to 2Tp for passing and 
are shown at 100-m intervals in Figures 
6 through 11. For given ~i, 2T, and Sp, 
the corresponding x is found subj ect to the 
relevant conditions. Results of Eq. 14 
were not plotted because of the low fre
quency of the cases involved. 
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Numerical Example 1 

Given Ai= 0. 08, 2T = 1,600 m, R = 20,000 m, design speed v = 95 km/hr (correspond
ing to Ss = 145 m, Sp = 640 m). 

The length of the curve based on stopping sight distance is 2Ts = 700 m; and the 
length based on permitting overtaking throughout the curve is 2Tp = 3,413 m. As Sp< 
2T, the relevant case is that of Eq. 8. 

The data shown in Figure 9 yield x = 
1,320 m, c = 1,320 + 640 - 1,600 = 360 m, 
and the resulting marking scheme is shown 
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in Figure 12. For the same data and R = 25,000 m, we have 2T = 2,000 m and, accord
ingly, x = 1,700 m, c = 1,700 + 640 - 2,000 = 340 m. The corresponding length of the 
division line is 1,400 m, compared with 1,040 m for R = 20,000 m. The radius per
mitting unrestricted overtaking under these conditions is 42,667 m. 

Numerical Example 2 

Given ll.i = 0.04, 2T = 800 m, R = 20,000 m, design speed v = 80 km/hr (correspond
ing to Ss = 110 m, Sp = 550 m). 

The length of the curve based on stopping sight distance is 2T s = 202 m; and the 
length based on permitting unrestricted overtaking throughout the curve is 2Tp = 1,260 
m. As Sp < 2T, the relevant case is again that of Eq. 8. 

The data shown in Figure 7 yield x = 1,320 m, c = 356 + 550 - 600 = 306 m. For the 
same data and a smaller radius R = 10,000 m, we have 2T = 400 m. Now Sp::> 2T, and 
Eq. 14 is r elevant; its roots are x1 = 38 m and X2 = 362 m. For x1, Eqs. 16 and 17 yield 
a= 297 m and b = -187 m, a negativevalue, whereas it is required to be positive. Hence, 
the case of both vehicles outside the curve does not apply here, and the division line is 
marked as for the case with one vehicle outside and the other inside the curve. 

SUMMARY AND CONCLUSIONS 

This analysis permits determination of the zone of overtaking visibility for a crest 
vertical curve in a 2-way 2-lane highway. The proposed marking (Figs. 4 and 5) com
prises a warning line, equal in length to the passing sight distance, indicating nearness 
of a zone of reduced overtaking visibility. In this zone the driver is allowed to complete 
an overtaking move begun earlier but not allowed to attempt a new one once he has 
passed the initial point of the warning line in the right lane. Analysis of the results 
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shows that the length of the no-overtaking zone increases with that of the curve, up to 
the maximum where overtaking is unrestricted. 

The sudden vanishing of the division line in the diagrams is explained as follows: 
As 2T tends to 2Tp, x tends to 2T - Sp. In other words, the solution tends to the case 
of the oncoming vehicle near the end point of the curve and the other within the curve 
at distance x, At 2T = 2T8 , x "' 2T - Sp; in other words, one vehicle is at the end point 
of the curve and the other at a distance Sp from it This corresponds to the case of 
both vehicles inside the curve with overtaking visibility throughout its length. Both x 
and 2T - x increase as 2T increases; c"' Sp - (2T - x) decreases accordingly; but as 
the rate of increase of x is steeper than that of c, the length of the division line in
creas es with 2T. 

The conclusion is that, in order to reduce the no-overtaking zone where the design 
cannot be based on the passing sight distance, the curve should be as short as possible 
but still comply with the requirements of stopping sight distance and driving conve
nience. The curve length complying with the latter aspect is obtainable, for example, 
from 

R - 1 ft/sec2 (19) 
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Relationship Between Lighting and 
Accident Experience Between Interchanges 
JOHN G. YATES and RICHARD L. BEATl'Y, Westat Research, Inc. 

This paper examines the relationship between accident experience and 
lighting between interchanges of the Interstate Highway System in urban 
areas. Characteristics considered include existence of lighting, number 
of lanes, intensity of lighting, and average daily traffic volume. Acci
dents per hundred million vehicle-miles of travel are used as the pri
mary indicator of accident experience. Results indicate· that 24-hour 
accident rates and night (6 p. m. to 4 a. m.) accident rates are higher on 
lighted highways than on unlighted highways regardless of whether main
line units are classed by number of lanes or by ADT levels. Averages 
of various geometric, traffic , and accident characteristics for lighted 
and for unlighted units were compared and discrepancies noted. There 
is no discernible relationship between lighting intensity and accident 
rate on 2-lane mainline units or 3-lane mainline units . 

•THE CONTRIBUTION OF LIGHTING on the Interstate Highway System between inter
changes has been a subject of some recent controversy. This study was proposed to 
better assess the contribution of lighting in this area. The Interstate System Accident 
Research, Study II (ISAR-II), data base was used. This study is confined to between
interchange study units (also called mainline units) on Interstate highways in urban areas . 
All bridges, tunnels, and other overpasses and underpasses are excluded. All of the 
Interstate highways examined had from 2 to 4 traffic lanes in one direction. Lighting 
intensity in the data varies from 0 to 1.05 foot-candles (ft-c). The existence of lighting 
is studied with respect to number of lanes (2 to 4) and average daily traffic (ADT) per 
lane (1,000 to 10,000). The relationship between lighting intensity and accident rate 
is briefly examined. 

FINDINGS 

1. Approximately 93 percent of the lighted mainline units studied are illuminated 
by mercury vapor lamps. 

2. The percentage of lighted mainline units increases with number of lanes; 11 per
cent of 2-lane units, 50 percent of 3-lane units, and 100 percent of 4-lane units are 
lighted. 

3. During darkness (9 p. m . to 4 a. m.) when artificial lighting should be most ef
fective, the accident rate is much higher on lighted units than on unlighted units regard
less of number of lanes. 

4. Comparison of lighted and unlighted units by ADT per lane, where sufficient data 
are av:l.ilable, demonstrates that lighted highways have higher accident rates. 

5. There is no discernible relationship between lighting intensity and accident rate 
on 2-lane or 3-lane mainline units. 

6. The lighted mainline units appear to be more constraining on the vehicles that 
move along them than unlighted units are. This is seen in the low percentage of non
collision accidents and higher percentage of rear-end collisions on lighted units. The 
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obstructions along the road that cause a constraining highway are, of course, lighting 
poles. 

7. For both lighted and unlighted units, injury rates and property damage rates are 
consistently and highly correlated with accident rates. 

ANALYSIS 

Data Characteristics 

The level of lighting intensity in the ISAR-11 data base is a discrete variable as follows: 

None 
0 to 0.3 
0.3 to 0.49 
0.5 to 0.79 
0.8 to 1.29 
1.3 to 1.99 
2.0 and over 
Partial lighting 

0 
1 
2 
3 
4 
5 
6 
7 

Assigned \ 7aluc 

0 
0.15 
0.40 
0.70 
1.05 
1.65 
2.00 

All partial lighting study units were discarded because partial lighting is not a definitive 
term and thus would be difficult to evaluate. Lighting effects were only examined on 
between-interchange units excluding overpasses, underpasses, or major river crossings 
(i.e., any bridge with a spanof more than 20 ft). The between-interchangeunits studied 
varied in number of lanes in one direction from 2 to 4 lanes. In this paper, highways ha v
ing 2, 3, and 4 lanes in one direction arereferred to as 2-, 3-, and 4-lanemainline units. 

The number of data points available are as follows: 

Urban Units Rural Units 

Percent With Percent With 
No. Lanes No. Lighting No. Lighting 

2 5,642 8.9 24,169 0.3 
3 2,671 58.0 { 765 {? 4 60 100.0 

Because 99 percent of the 2-lane rural data had no lighting, this study was confined to 
urban data points only. Figures 1 and 2 show the type of lighting used and the average 
lighting pole spacing in the mainline units studied. 

- 92.7 

50 

incan- mercury fluorescent 
descent vapor 

Type of Lighting 

Figure 1. Type of lighting. 

Response Variable 

A rate based on vehicle-miles was used 
to avoid bias caused by ADT or unit length. 
Accident rate is the number of accidents per 
hundred million vehicle-miles. Although ac
cident rate served as the response variable, 
injury, fatality, and property damage rates 
were also computed. Property damage rates 
and injury rates simulated accident rates con
sistently and accurately (Fig. 4). 

Accident Rate by Lighting Intensity on 2-
and 3-Lane Mainline Units 

Figure 3 shows accident rate by lighting 
intensity on mainline units of 2 and 3 lanes. 
Three-lane mainline units have high accident 
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1:i 54.3 QJ 

" 50 ... 
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P< 

rates in each of the lighting inten
sity categories relative to those 
3-lane units without lighting. For 
2-lane mainline units, the 2 light
ing intensity categories, 0.01 to 
0.29and 0.30 to0.49, should be ig
nored because few data points were 
available. Otherwise, the 2 high
est lighting categories have acci
dent rates slightly lower than those 
2-lane mainline units without light
ing. From these data, no relation
ship can be discerned between 
accident rate and lighting intensity. 
That is, accident rate did not in
crease or decrease consistently 
with increasing lighting intensity. 
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Than 349 399 more 
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Average Lighting Pole Spacing in Feet 

figure 2. Average spacing of lighting poles. 

Accident Rate by Existence of Lighting and Number of Lanes 

All data were divided into 3 groups (2-lane, 3-lane, and 4-lane mainline units) to 
enable comparisons to be made. In each group, those units with lighting were sepa
rated from those without lighting, and accident rates were computed. As shown in Fig
ure 4, only on 2-lane mainline units was the accident rate higher on unlighted units than 
on lighted units. Because the accident rates shown in Figure 4 were calculated for the 
entire 24-hour day, perhaps a closer examination of periods of the day could show other 
results. The periods of the day for which accident rates were computed are as follows: 

2 
~ 
d 
"' :s 
" " < 

300 

200 

100 

Day 
Rush 
Dawn 
Dusk 
Night 

No 
light 

220* 

9 a.m. to 4 p.m. 
7 to 9 a. m, and 4 to 6 p. m. 
4 to 7 a. m. 
6 to 9 p. m, 
9 p.m. to 4 a.m. 

340·• 

D 2-lane 

r:d 3-lane 

*Based on 19 or less accidents 

No 
Data 

0.01-
0.29 

0.3-0.49 0.5-0,79 0.8-1.29 All 

Light intensity in foot-candles 

lighting 
intensity 
except 0 

Figure 3. Accident rate by light intensity on 2· and 3-lane mainline units. 
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Figure 5. Accident rate by period of day on 2-lane mainline units. 
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Figure 6. Accident rate by period of day on 3-lane mainline units. 
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These particular groupings were chosen because the data base had traffic volume and 
number of accidents separately for each of them and, therefore, accident rates could be 
developed. This breakdown by periods of the day was not done for 4-lane mainline units 
because of limited data. Figures 5 and 6 show the accident rates by time periods for 2-
and 3-lane mainline units respectively . Of the 4 time periods , only day and night indi
cate the light conditions; day is always light and night is always dark. One would expect 
to find the greatest effect of lighting during the night (i. e., in darkness from 9 p. m. to 
4 a.m.). In both 2-lane and 3-lane mainline units, however, the accident rate is higher 
on the lighted units during the night period. Of all the time periods, only day, dusk, 
and dawn on 2-lane units had a higher accident rate on unlighted units than on lighted 
units. On 3-lane mainline units, the accident rate on lighted units is nearly double the 
accident rate on unlighted units for each time period. 

Figure 7 shows that the lighted units have a much higher ADT than unlighted 
units regardless of the number of lanes. This was expected because of the results of 
an informal survey of the lighting policies used by 5 states that contributed heavily to 
the !SAR-II data. Four of the 5 states have policies that require urban highways to have 
lights when the ADT levels warrant. In most cases, state planning manuals or AASHO 
(1) was cited as providing standards for lighting policies. Other reasons given for 
lighting an urban highway were (a) substantial commercial or industrial building devel
opment and (b) 3 or more successive interchanges with an average spacing of 11/2 miles 
or less. None of the 5 states claimed to use accident rate as an indicator in lighting 
urban highways, though by using ADT they indirectly used accident rate because the 
ADT level is the most important predictor of accident rate (~. 

Accident Rate by Existence of Lighting and ADT Levels per Lane 

A comparison was made of mainline units with and without lighting by ADT levels per 
lane. For each mainline unit, the ADT per lane is computed and then placed in one of 
the following 10 categories: 

0 to 1,000 
1,001 to 2 ,000 
2,001 to 3,000 
3,001 to 4,000 
4,001 to 5,000 
5,001 to 6,000 
6,001 to 7 ,000 
7 ,001 to 8 ,000 
8 ,001 to 9 ,000 
9,001 and over 

3oor--~~~~~~~~~~~~~~~~~~~~~~~~--. 

D No lighting 

~ 200 

" "' :s 
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f'.2 Lighting 

*Based on 5 accidents or less 

8 
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Figure 8. Accident rate by ADT per lane. 
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In each group, distinction is made between a lighted 
unit and an unlighted unit. Figure 8 shows the 
comparisons of accident rates on lighted and un
lighted units by ADT per lane . As ADT per lane 
increases, accident rates for lighted mainline 
units and for unlighted mainline units are lowest 
in the 3,000 to 5,000 vehicle-per-lane (VPL) cate
gory and peak in the 7 ,000 to 8 ,000 VPL category. 
That is, accident rate on lighted mainline units 
and accident rate on unlighted mainline units in
crease with increasing ADT per lane only in the 
4,000 to 8,000 VPL categories. ' 

The data shown in Figure 9 support the results 
of the informal survey mentioned earlier that ur
ban mainline highways are lighted principally by 
ADT level. The percentage of mainline units 
lighted increases with ADT. The line shown was 

100~ 

50~ 

0 10 

ADT per lane in thousands 

Figure 9. Mainline units lighted and ADT 
per lane. 

fit by simple linear regression. The correlation coefficient between percentage of main
line units lighted and ADT per lane is 0. 91, which implies that they are highly correlated. 

Two of the accident rates are higher on lighted units than on unlighted units for all 
ADT levels per lane except the first 2 levels. Each of these ADT levels per lane was 
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Figure 10. Geometric variables. 
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Figure 12. Rear-end collisions. 
Figure 11. Traffic variables. 

examined by period of the day. Again, during the night period, accident rates were 
much higher on lighted units than on unlighted units. 

Differences Between Lighted and Unlighted Mainline Units 

The lighted mainline units studied have accident rates higher than those on the un
lighted mainline units in all but one ADT category. An attempt was made to explain 
this situation by averaging separately available geometric, traffic, and accident var
iables for lighted and unlighted units. 

The geometric variables examined are median width, length of section, pavement 
type, pavement edge markings, and delineators. Figure 10 shows each geometric var
iable by lighted and unlighted units. The average unlighted mainline unit has a 56 per
cent wider median and is 47 percent longer than the average lighted unit. A greater 
percentage of unlighted units have delineators on the right side and delineators on both 
sides than do lighted units. Pavement type and pavement edge markings vary little be
tween lighted and unlighted units. 

The traffic variables examined are percentage of in-state cars and small trucks, 
percentage of out-of-state cars and small trucks, and percentage of large trucks (Fig. 
11). Unlighted units have a much larger percentage of t rucks (and smaller per centage 
of in-state and out-of-state cars and small trucks) than lighted units. The traffic var
iable ADT was examined earlier. In units with comparable number of lanes, the lighted 
units had much greater ADT than unlighted units, especially in 3- and 4-lane units. 

The accident variable examined was manner of collision. Lighted units had a greater 
percentage of rear -end collisions (Fig. 12) than unlighted units and a smaller percentage 
(31 per cent) of accidents in which the vehicle left the road , with or without striking an 
object, than unlighted units (44 percent). Thirty-four percent of the vehicles that left 
the unlighted roads did not strike an object, and only 9 percent of vehicles that left the 
lighted roads did not strike an object. 

These data indicate that geometric conditions such as curbs and guardrails on lighted 
highways prevent a greater percentage of vehicles from leaving the roadway than geo
metric conditions on unligllted highways. In addition, if a vehicle does leave the lighted 
r oadway, 90 percent of the time it strikes an object (e .g., lighting pole). These figures 
are presented only to illustrate differences in various variables between lighted and un
lighted mainline units, and are only tentatively offered to explain accident rate differ
ences between units. 

CONCLUSIONS 

In this study, only urban mainline units of the Interstate Highway System have been 
examined. Comparison of 24-hour accident rates and night (6 p. m. to 4 a. m.) accident 
rates between lighted (all lighting intensities) and unlighted mainline units by number 
of lanes and by ADT-per-lane groupings demonstrated that the lighted units have higher 
accident rates. This is understandable in the number-of-lanes analysis because the 
ADT was much higher on the lighted units than on the unlighted areas. But, in the ADT-
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per-lane analysis, even in the same ADT-per-lane grouping, the lighted Wlits had a 
higher accident rate. This statement should not be interpreted to mean that the lighting 
of a mainline Wlit causes a higher accident rate because many variables were not con
sidered. Therefore, various geometric, traffic, and accident characteristics of lighted 
and unlighted units were contrasted. In general, these variables indicated some marked 
discrepancies between lighted and Wllighted highway. These discrepancies, however, 
are not offered as the reasons for the difference in accident rates between lighted and 
Wllighted Wlits because only averages of the variables were considered (i. e., standard 
deviations and exposures were not calculated thus preventing statistical significance 
tests to be made). 

Although the lighting policies used by the 5 states surveyed indicated that accident 
rate was not a criterion for iighting, it maybe that the high-accident mainline units were 
lighted first. 

No relationship was found between lighting intensity and accident experience, but the 
data were very limited. 
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An Evaluation of Design Criteria 
for Operating Trucks Safely on Grades 
JOHN C. GLENNON, Texas Transportation Institute, Texas A&M University 

This paper is concerned with the evaluation of design criteria relating 
truck operating characteristics on grades to the implementation of truck 
climbing lanes. The evaluation is specifically concerned with truck op
erating characteristics on grades, truck weight-horsepower ratios as 
they pertain to truck operating characteristics, and truck speed as it is 
related to truck operating characteristics and design criteria for climb
ing lanes. 

•IN THE DESIGN OF HIGHWAY GRADES consideration is given to the critical length 
of grade. The critical length of grade is that combination of percentage and length of 
grade that will cause a designated design vehicle to operate at some predetermined 
minimum speed. A lower speed is considered unacceptable for safety and operational 
efficiency. Two alternatives are considered when a designed grade is longer than crit
ical: (a) Adjust the grade line until it is no longer critical, or (b) add an auxiliary truck 
climbing lane in which slow-moving vehicles can operate adjacent to the main travel 
lane. 

This study was conducted in response to an increasing concern by highway design 
engineers regarding the validity of geometric design criteria related to safe operation 
of slow-moving vehicles on highway grades. The report presents a review of current 
AASHO (1) design criteria and an evaluation of these criteria based on the existing prac
tices. Tlie evaluation was specifically concerned with truck operating characteristics 
on grades, truck weight-horsepower ratios related to operating characteristics, and 
truck speed related to operating characteristics and geometric design criteria. 

Of all vehicles operating on highways, the large transport trucks have the lowest en
gine power relative to their weight. Hence, these vehicles are generally the slowest on 
upgrades and require the longest distances to accelerate. Realistic design of highway 
grades and acceleration lanes should be based on the performance of these particular 
vehicles, inasmuch as all other vehicles are capable of better performance. 

REVIEW OF CURRENT DESIGN CRITERIA 

Design criteria relating truck operating characteristics on grades to the implemen
tation of critical lengths of grade and truck climbing lanes are examined under the fol
lowing topics: truck operating characteristics on grades, truck weight-horsepower 
ratios related to climbing characteristics, and design criteria for critical lengths of 
grade and truck climbing lanes . 

. Truck Operating Characteristics on Grades 

An extensive study (2) of truck performance was conducted from 1938 to 1941 to de
termine the separate aild combined effects of roadway grade, tractive effort, and gross 
vehicle weight. Data from this study were analyzed (3) to determine the effect of length 
of grade on the speed of trucks for a wide range in load, grade, and vehicle size. 

Paper sponsored by Committee on Operational Effects of Geometrics. 
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Speed-distance curves were developed for 3 weight classifications: light, medium, and 
heavy. These curves formed the basis for the 1954 AASHO (4) design criteria for criti-
cal lengths of grade. -

Jn 1949, Willey ( 5) documented the performance of trucks on grades. He developed 
speed profiles of truck performance on different mountainous grades in Arizona. The 
observed trucks were classified according to the following gross vehicle weight to brake 
horsepower (bhp) ratios: 

Group lb/bhp 

A 199 and under 
B 200 to 299 
r"' 'lf"' +~ 'lOO 
'-' \.IVV l..V Uc.JU 

D 400 and over 

Willey developed a gradability curve of heavily loaded trucks (combination of group C 
and group D) , which showed the expected average behavior of vehicles loaded to capac
ity, or nearly so, on various grades (Fig. 1). 

Huff and Scrivner (6) used Willey's gradability curves in developing their simplified 
climbing lane theory. - This theory considered the forces acting on a truck ascending a 
grade to develop the force equation 

where 

W dv 
g dt 

W = gross vehicle weight , lb; 

P - w sin a 

g = acceleration of gr avity , 32.2 ft/ sec 2
; 

dv/ dt = change in velocity with respect to time, ft / sec 2
; 

P = net driving force on the vehicle, lb; and 
9 = the grade angle, deg. 

z 
0 

JO 
0 .., .., 
0.. 
(I) 

INDICATED AV ERAGE SPEE D PATTE RN OF HEAVILY 
LOADED VEHICLE S ON VA RIOUS PERCENTAGES OF GRACE 

AVERAGE LOWEST ---OBSERVED SPEED 23 MPH 

0 ~0~~~-!:-~--:--~~.~--=~~--=$~~1~-+e~~,!-----=,~0~~1~1 ~~,2,_____,, 3,....-___..,.,. 

DISTANCE UP GRADE (THOUSAND FEET) 

Figure 1. Gradability curves of heavily loaded trucks on different grades. 

(1) 
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This equation holds when the driving force needed to impart angular acceleration to the 
rotating engine parts is neglected. Equation 1 may be rewritten as 

p 

w 
1 dv 
g dt + sin e (2) 

The net driving force acting on the vehicle, P, is the total traction exerted by the driv
ing wheels against the road surface, minus wind and road surface resistance . 

Engine operation at partial throttle was not considered because the driver's choice 
rather than highway geometry would then determine the vehicle performance. There
fore, if the truck operates at the highest possible speed and within the manufacturer's 
recommendations , the total driving force as a function of the velocity only can be ap
proximated if the following assumptions are made: 

1. That there is no inertial resistance to angular acceleration; 
2. That no wind exists; thereby, air resistance is considered as a function of the ve

locity; and 
3. That there is no change in pavement type or roughness; thereby, surface resis

tance is considered as a function of the velocity. 

It was concluded, therefore, that, although the net driving force must satisfy Eq. 2, it 
may also be expressed as some function of velocity only. 

If a truck operates at maximum sustained speed on any grade, the value of P / W may 
be calculated from Eq. 2, which reduces to P/W =sin e. This value of P/W will always 
exist at the respective speed, at least approximately, regardless of the value of the ac
celeration. 

Figure 2 shows the relation of P /W to maximum sustained speeds, v, on various 
grades. The maximum sustained speeds were taken from the gradability curves shown 

.12 

.ti MAXIMUM SUSTAINED SPEEDS NUMERICAL VALUES 
USED IN PLOTTING GRAPH FOR USE IN 

EQUATIONS (9) 
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Figure 2. P/W versus maximum sustained speeds on various grades. 
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in Figure 1. The points shown in Figure 2 were connected by straight-line segments to 
form a continuous gr aph. Each line segment was represented by the general equation 

P/W = av+ b (3) 

where v is the velocity at any point along a line segment, Vn to Vn+u and a and b are 
constant along the same line segment. By substituting the P/ W value of Eq. 2 into Eq. 
3, we derive a new general motion equation: 

dv ( . " b) dt - gav + g sm " - 0 (4) 

where v, a, and bare restricted, as noted earlier. 
The position of the truck along the grade may be represented at any instant by its co

ordinate , x, measured along the direction of the truck. If dv/dt is the change in velocity, 
v, with respect to time, t, along that line segment, Eq. 4 may be developed into an equa
tion suitable for the construction of speed-distance and time-distance curves. Appendix 
A discusses the derivation. 

V - v0 
x = ~ + (sin e - b)t (5) 

where 

t _ __!_ ln (av - sin e + b) 
- ag ·avo - sin e + b 

(5a) 

To construct speed-distance by using Eq. 5, where the velocity change involves more 
than one line segment, requires that the distance or time be calculated over each inter
val and added in order to obtain total distance or total time. Actually, by utilizing the 
same assumptions made by Huff and Scrivner in developing Eqs. 5and 5a, one can derive 
a much simpler, singular speed-distance. Appendix A discusses the derivation. 

1 y 2 _y2 

x = g a( v 0 - vf - 2 (sin e - b) (6) 

In December 1953, Huff and Scrivner (6) conducted a road test of a heavy truck to de
termine whether these theoretical equations applied to the actual performance on grades. 
The operating features and data for the truck test are given in Table 1. Eleven grades 
ranging from 700 to 1,500 ft in length and from 0.16 to 7.62 percent in grade were used 
in the tests. 

Figure 3 shows the data obtained in the tests of the heavy truck. Each computed value 
of P /W was plotted against its corresponding velocity. The points represent any instant 
where the acceleration was not zero, and the circles represent any instant at which the 
truck was operating at maximum sustained speeds. Certain areas, where the points 
were scattered so as not to represent any consistency, were ignored, and an average 
line was drawn through the remaining points. This line represented P /W as a function 
of velocity only. 

The data given in Table 1 were also used to compute the maximum sustained speeds 
according to the SAE procedure (7). These speeds, plotted against the corresponding 
sin e, are also shown in Figure 3-:-

The average values of P /W versus velocity (Fig. 3) were used to develop speed-distance 
curves for each of the 11 test grades and then compared against the gradability curves 
developed from the field test. Ii the curves for each grade coincided, the computed curve 



TABLE 1 

OPERATING FEATURES OF TEST TRUCK 

Vehicle 

Dimensions 
Height, ft 
Width, ft 

Feature 

Gross vehicle weight, lb 
Rated gross vehicle weight, lb 
Gear ratios 

Transmission 
Auxiliary transmissions 
Axle 
Total gear reductions 

Tire size 
Net engine horsepower at sea level 
Brake horsepower 
Altitude, ft 
Road type and condition 
Net weight-horsepower ratio, lb/ hp 
Weight to rated horsepower ratio, lb/ hp 

.oa 

Description or Dimension 

International R-195 tractor with Hobbs 
tandem-axle, fiat-bed trailer 

7 .75 
7.75 
57, 180 
50,000 

6.98, 3.57, 1 .89, 1.00, 0.825 
None 
6.50, 8.86 
61.64, 45 .37, 31.63, 23 .21, 16 .75, 12 .26, 

6.86, 6.50, 7 .31, and 5.36 
10 x 20 
146 at 2, 600 rpm 
162 at 2, 800 rpm 
950 
Bituminous, good 
391 
353 

MAX. SUSTAINED VELOCITY 
----&--- COMPUTEO BY SAE METHOD 

VEASUS P/W •S IN 6T 

MAX, SUSTAINED VELOCITY 
0 OBSERVED DURING ROAO 

TEST VERSUS P/W,SIN 8 . 

VELOCITY VERSUS P/W 
COMPUTED FROM ACCELER
ATl ON OBSERVED DURING 
ROAD TEST. 

GRAPH OF P/W USED IN 
COMPUTING SPE£0 - 0 ISTA 
CURVES. 

10 20 30 .40 50 

V (ft.lsecJ 

- .0.2 

Figure 3. P/W versus velocity as computed and observed. 
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was considered to be representative of the measured test data; if they did not coincide, 
the opposite was considered. 

A comparison of the computed curves and the measured gradability curves showed a 
fair amount of consistency. There were, however, 2 major discrepancies: 

1. Some irregularity that appeared in the curves was caused by the motion of the 
truck, especially on some of the upgrade deceleration curves where maximum sustained 
speeds were reached. 

2. The actual maximum sustained speeds were 1 to 3 mph greater than the maximum 
sustained speeds shown on the computed curves. 

It was concluded that, although these discrepancies existed, the gradability curves shown 
in Figures 4 and 5 (developed through the use of Eq. 5 and Fig. 3) represented the per
formance of the test truck on grades. Equation 5, therefore, was considered satisfac
torily accurate for use in predicting truck operations on grades for design purposes. 
The gradability curves shown in Figures 4 and 5 are those employed in the 1965 AASHO 
Policy (1). 

Firey and Peterson (8) presented an equation that is almost identical to that of Huff 
and Scrivner: -

(7) 

where FT is the truck engine thrust fo1·ce and FR is the truck rolling resistance force. 
The engine thrust force, FT, is zero when the clutch is disengaged and , based on 

the assumption that the engine torque al wide-open throttle is constant over the oper
ating speed range of the engine, FT was calculated from the following equation: 

E FT= -- (550) 
Vmax 

(8) 

50 
DECELERATION (ON UPGRADES INDICATED) 

45 

40 

3& -----1% 
:i:: a.. 
::I 30 
I 

Q .... .... 2& 
a.. 
(/) 

~-----2°/o 
20 

I& ---------- 3 °/o 

10 

DISTANCE - THOUSANDS OF FEET 

Figure 4. Speed-distance curves for typical heavy truck oper
ating on various grades-deceleration on upgrades indicated. 

where 

E =engine rpm at wide-open 
throttle and 

Vmax =maximum truck speed at
tainable in a particular 
gear setting, ft/sec. 

The truck rolling resistance force, 
FR, was calculated from the following 
equation: 

w 
FR = I48.5" + 195 (9) 

This is an empirical equation subject 
to the constraints of the coasting tests 
of several heavy trucks as described 
in another study (9). For significant 
upgrades, the exactness of FR in Eq. 
9 is not very important because FT 
is the dominant resisting force to ve
hicle motion. 

The net force, F 0 , acting on a 
truck was defined by the following 
equations: 

F 0 = ~ ~ = ~~:) - -dh (10) 
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Figure 5. Speed-distance curves for typical heavy truck oper
ating on various grades-acceleration on upgrades and down

grades indicated. 

at wide throttle. With clutch disengaged, FT = 0. Therefore, 

-W 
F0 = 148.0 - 195 - W sin 0 
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(11) 

For computing speed-distance relationships on uniform grades, the following basic 
physics equations were used: 

v = v0 + at 

(12) 

(13) 

Because the accele1·ation, a, in these equations was considered equivalent to dv/dt and 
because dv/dt = F0g/W, the following equations were derived for computing speed
distance relationships: 

(14) 

(15) 

The velocity versus distance curves on uniform grades was calculated by the follow
ing steps: 

1. Values were assumed for W, W/Hp, 0, and initial v0 • 

2. These values were substituted into the vehicle motion equations (Eqs. 4 and 5). 
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3. On deceleration curves the first gear shift was assumed to be 0.8 v0 , and on ac
celeration curves, v0 /0.8. 

4. An average time of 2 sec was determined (9) to shift the gears, and it was assumed 
that the vehicle followed the vehicle motion equations for clutch disengagement during 
the gear shifting interval. 

5. steps 2 and 3 we1·e repeated, and the vehicle motion equations for the clutch dis
engagement over the gear shifting interval were used. 

6. For the second wide-open throttle periods, steps 2 and 3 wei-e repeated, and the 
terminal speed from step 5 was used as v0 in Eqs. 14 and 15. 

7. The preceding steps were reiterated with values of v0 until that value reached 
the established limitations: 10 mph on deceleration curves, or 50 mph on acceleration 
curves. 

Firey and Petersen developed gradability curves from the foregoing procedure for 
truck weight-horsepower ratios of 200, 300, and 400. The gradability curve for a weight
horsepower ratio of 400 is shown in Figure 6. 

Truck operations can be related to design for highway grades by selecting a design 
vehicle that represents some lower boundary of operation. Willey (5) was the first to 
classify truck operating c.haracteristics according to weight-horsepower ratios. Because 
the weight-horsepower ratios of trucks can be measured in field studies, this measure 
appears to be best suited as a parameter for determining a design vehicle. 

Jn 19 57, Saal (10) studied the relationship between the gross weight of a motor truck 
and its horsepower. This study indicated that the percentages of trucks in 1950 having 
a weight-horsepower ratio greater than 400 were as follows: 3-axle trucks, 10 percent; 
2-axle truck-trailers with 1-axle semitrailers, 13 percent; 2-axle t ruck-trailers with 
2-axle semitrailers, 41 percent; all other combinations, 57 percent. He also stated 
that from 1955 to 1958 a 10 percent improvement in the performance ratio of all groups 
had occurred. 

In 1963, Wright and Tignor (11) reported on the 1949, 1955, and 1963 brake studies 
of the Bureau of Public Roads. Figure 7 shows cumulative frequency distributions of 
weight-horsepower ratios from the 1963 study for trucks classified by number of axles. 
Of all the loaded trucks in this study, only 8 percent did not meet the 400: 1 ratio ac
cepted by AASHO (1) as a tolerable design performance ratio. Of all the trucks (loaded 
and unloaded) weighed in the 1963 study, only 5 percent exceeded the 400: 1 ratio. 

There has been a definite trend toward decreasing weight-horsepower ratios of trucks 
operating on the highways. Figure 8 shows this trend for the 1949, 1955, and 1963 brake 
studies (11) . Another study (12) indicates that there has also been a trend toward more 
heavy trucks on the highways-:-The number of heavy trucks (over 26,000-lb gross ve
hicle weight) on the highways increased approximately 3.4 times from 1954 to 1967 and 
is predicted to increase 3 times from 1967 to 1980 (12). 
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Figure 6. Deceleration and acceleration gradability curves for trucks for weight-horsepower ratio of 400. 
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In 1968, more International Harvester (Ill) trucks were registered across the United 
States in the heavy category (26,000 lb and over). International Harvester offers 5, 8-
cylinder diesel engines to power its 65,000-lb trucks. The weight to net horsepower ra
tio of an Ill truck powered by each of those engines would be 279:1, 298:1, 342:1, 392:1, 
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Figure 8. Weight-horsepower ratios based on average data for all types of 
vehicles from 1949 to 1963. 
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or 414: 1, depending on which model was chosen. Only 1 of the 5 engines offered would 
be outside the accepted tolerable performance ratio of 400: 1 (13). 

The AASHO Policy (1) states that trucks with a weight-Jwrsepower ratio of about 400: 1 
have acceptable operatliig characteriStics from the sfa.i1 point of the highway user. It is 
stated that such a ratio will ensure a maximum sustained speed of 15 mph on a 3 percent 
grade. There is also evidence that the industry is finding the 400 ratio a desirable goal 
and is voluntarily accepting it as a performance control, with the result that the weight
horsepower ratios of trucks over the last several years have improved. This improve
ment is illustrated by the trend curves shown in Figure 8. 

Design Criteria Related to Truck Operations 

The 1965 AASHO Policy indicates that the average truck speed is approximately 6 
mph less than the average passenger car speed on a level highway section. It increases 
on downgrades of 5 percent or less, and decreases on downgrades of 7 percent or steeper. 
On upgrades, the maximum sustained speed that a truck can maintain depends on the 
length and steepness of the grade and the weight-horsepower ratio of the truck. Factors 
affecting the average speed over the entire section are the truck's entering speed and 
wind resistance and the skill of the operator. 

The "critical length of grade" is defined by AASIIO (1) as the maximum length of a 
designated upgrade on which a loaded truck can operate -without an unreasonable reduc
tion in speed. If a truck is to operate reasonably on grades longer than the critical length, 
either the grade must be reduced or an additional climbing lane must be provided. 

The AASHO Policy states that climbing lanes are necessary when the length of a spe
cific grade causes truck speeds to reduce 15 mph or more, provided the volume of traf
fic and percentage of heavy trucks justify the added cost. Therefore, truck gradability 
or highway capacity or both can de-
termine the critical length of grade. 
If truck gradability governs, the 
AASHO Policy considers that the 
following factors must be deter
mined or assumed: 

1. The size and power of the 
design truck as well as its grad
ability data. The 400: 1 weight
horsepower ratio is accepted as 
the national design vehicle; there
fore, the gradability curves shown 
in Figures 4 and 5 are employed by 
the AASHO Policy. 

2. Truck speed at entrance to 
critical length of grade. The aver
age running speed, as related to 
design speed, can be used to ap
proximate the average speed of ve
hicles beginning an uphill climb, 
as shown in Figure 9 (2). For 
downhill or uphill approaches, the 
entering speed should be adjusted 
accordingly. 

3. Minimum tolerable speed at 
which a truck should operate on the 
grade. Although no specific data 
are available on the minimum tol
erable speeds of trucks, it seems 
logical that they would have a di
rect relationship to design speeds. 
Minimum speeds of 20 to 3 5 mph 
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Figure 9. Relation of average running speed to volume 
conditions. 



103 

on highways with a design speed of 40 to 60 mph would be tolerable for a vehicle unable 
to pass on a 2-lane highway, provided the no-passing interval is short. As the volume 
on a 2-lane highway approaches capacity, the time interval will become more annoying. 
Multilane highways present more opportunity for and less difficulty in passing; there
fore , lower tolerable truck speeds are applicable. In any case, highways should be de
signed so that trucks can maintain a tolerable speed. 

Although all states are not in agreement as to what constitutes the critical length of 
grade , the most common deter mining factor is the 15-mph r eduction in truck speed be
low the average truck rwmi11g speed (1) . Some states specify a minimum tolerable 
speed ranging from 20 to 35 mph instead of the 15-mph reduction. Figure 10 shows the 
critical length of grade for different speed reductions on specific grades (derived from 
Fig. 4). The 15-mph curve shown in Figure 10 is suggested by AASHO as a general de
sign guide for establishing critical lengths of grades that are preceded by relatively level 
approaches. If there is an uphill approach to the grade, the critical length will be 
shorter; for downhill approaches, the converse will be true . 

Climbing lanes may be justified from the standpoint of highway capacity as well as 
truck gradability. The effect of trucks on highway capacity is primarily a function of 
the difference in average running speeds between trucks and passenger cars. Passen
ger car equivalents for trucks at various combinations of running speeds are given in 
Table 2. By selecting the appropriate values from Table 2 and by using the gradability 
curves of Figures 4 and 5, one can calculate the design capacity on any grade for a 
given percentage of trucks. 

The AASHO Policy (1) states that climbing lanes may be justified if the design hour 
volume (DHV) for a highway exceeds the design capacity of that highway by more than 
20 percent. Table 3 gives the minimum design hour volumes, including trucks (not pas
senger car equivalents), for which climbing lanes should be considered. 

The beginning of a climbing lane depends on the entering speed of the truck on a grade . 
The data shown in Figure 4 may be used to determine when a truck's speed has decreased 
enough to be sufficient cause for the implementation of a climbing lane. The AASHO 
Policy recommends that the beginning of the climbing lane should be preceded by a ta
pered section at least 150 ft long. 

It is desirable to end a climbing lane when the truck's speed has accelerated to a 
speed at least equal to that at which it entered the climbing lane. The AASHO Policy 
states that this may be impractical on many grades because of the long distance re
quired to accelerate to such a speed; therefore, a practical point for ending the lane is 

I \ \ \ ' 
\ \ ' ' \ ' 

0 0L--------.~oo---------,o~oo--------,~~oo--------2000-'---------'2soo 

LENGTH OF GRADE - FEET 

ASSlMED TYPICAL HEAVY TRUCK OF 400 POUNDS PER HORSEPOWER 

Figure 10. Critical lengths of grade for design . 
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where a truck can safely reenter the nor
mal flow of traffic. This would be at a 
point where the sight distance is sufficient 
topermit passingwith safety. TheAASHO 
Policy recommends that a taper of at least 
20 ft should be provided to allow the truck 
to reenter the flow of traffic. 

A climbing lane should be at least 10 ft 
wide, preferably 12 ft. It should be easily 
distinguishable as an extra lane, and signs 
should precede the lane to notify trucks 
that there is a climbing lane ahead (!). 

EVALUATION OF THE 
DESIGN CRITERIA 

This evaluation of the design criteria 
for climbing lanes and critical lengths of 

TABLE 2 

PASSENGER CAR EQUIVALENTS FOR TRUCKS AT 
VARIOUS AVERAGE TRUCK SPEEDS AS RELATED 
TO PASSENGER CARS FOR INDIVIDUAL GRADES 

Truck 
Speed 
(mph) 

35 
30 
25 
20 
15 
10 

5 

ON 2-LANE ROADS 

Number of Passenger Cars to Which One 
Truck Is Equivalent 

45 to 50 mpha 40 to 45 mph a 3 5 to 40 mpha 

3.0 
5.0 
8 .6 

13 .9 
22.9 
40.5 
94.5 

2 .7 
4.9 
7 .6 

11.7 
18 .7 
32.5 
75 .0 

2.5 
3.0 
5 .0 
8.8 

15.0 
25.2 
50 .0 

a Average passenger car speed. 

grade covers the following areas: truck operating characteristics on grades, effect of 
weight-horsepower ratios on truck operating conditions, truck entering speeds, and 
speed reduction criteria related to safe operations. 

Truck Operating Characteristics on Grades 

Truck gradability procedures have been developed to predict the performance of 
trucks on grades in order to establish a design procedure that will enable all vehicles 
to operate safely on modern highways. Willey (5) documented the gradability character
istics of trucks and classified the observed trucks according to their weight-horsepower 
ratios. Gradability curves were developed for the heavily loaded trucks on different 
grades, a heavily loaded truck being one with a weight-horsepower ratio greater than 

TABLE 3 

MINIMUM 2-WAY DESIGN HOUR TRAFFIC VOLUMES FOR CONSIDERATION 
OF CLIMBING LANES ON GRADES ON TYPICAL 2-LANE ROADS 

Percent Length DHV for Various Percentages of Dual-Tired Trucks 

Gradient of Grade 
(miles) 3 Percent 5 Percent 10 Percent 15 Percent 

4 '/, 600a s25a 
'/, 7ooa 550 450 
% 670 500 390 

1 75oa 640 470 370 
11/2 730 610 440 340 
2 710 590 420 340 

'/, 640a 550a 480a 
'/, 690a 020 400 370 
'/. 650 540 380 300 

1 630 510 360 270 
1'/, 600 490 340 260 
2 600 480 330 250 

6 '/, 625a 58oa 480 390 
'/, 570 470 330 250 
'!. 540 430 290 220 

1 530 420 280 210 
11/2 520 410 270 200 
2 510 410 270 200 

7 '/, 470 410 310 240 
'/, 400 320 210 160 
% 380 300 200 150 

1 360 280 180 140 
1 '/, 350 270 170 130 
2 340 260 160 120 

a Four lanes warranted for DHV over this amount. 

Note: Detailed analysis of each grade is recommended instead of using tabular values. 
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300:1. Although Willey's observations may have been accurate at the time they were 
made , his report was not documented well enough to allow a verification of the number 
of heavily loaded trucks observed or the specific weight-horsepower r atio each heavily 
loaded truck had. No direct comparison of Willey's gradability curves can be made, 
therefore, with those developed by any of the other prediction procedures. 

Huff and Scrivner (6) developed a prediction procedure and compared this theoretical 
procedure with actuarfield tests of the performance of a heavily loaded truck with a 
weight-hors epower ratio of 391. From the field tests, it was concluded that the theo
retical procedure compared fairly well with the actual truck performance on grades. 
Huff and Scrivner's procedure appears to de::>cribe the performance of trucks on grades, 
although their average curve of P / W versus v, derived from the 1953 road test data, ig
nored some of the field data. The truck gradability curves derived from this procedure 
have been adopted as part of the AASHO Policy. 

Firey and Peterson (8) developed truck gr adability curves for trucks with weight
horsepower ratios of 200, 300, and 400. Figure 6 shows the speed-distance curves for 
the 400: 1 ratio. 

From a design viewpoint , the controlling factor for climbing lane design criteria is 
the maximum sustained speed that a truck can maintain on a grade. · The higher the sus
tained speed is, the shorter the climbing lane needed, and the converse is also true. 
Table 4 gives a comparison of the maximum sustained speeds derived from the various 
truck gradability prediction procedures presented in this report. Also included are the 
maximum sustained speeds calculated by the SAE Procedure (7) for Huff and Scrivner's 
test truck. A considerable disparity is evident among the varfous prediction methods. 
The Huff and Scrivner values are the lowest, and the Firey and Peterson values are con
siderably higher than the others. The Huff and Scrivner values, however, are the only 
values that were substantiated by using a design vehicle, one that had a representative 
weight-horsepower ratio. Therefore, the Huff and Scrivner gradability curves adopted 
by the AASHO Policy are comparatively valid for design. 

The Effect of Weight-Horsepower Ratios on Truck Operating Conditions 

The weight-horsepower ratio of a truck determines how that truck will operate on 
grades. The higher the ratio, the more difficulty a truck will have ascending a grade, 
and the maximum sustained speed attainable will be lower. 

There is a definite trend toward a maximum tolerable ratio of 400:1. In 1963, only 
8 percent of all loaded trucks had a ratio greater than 400: 1. The AASHO Policy states 
that the 400: 1 ratio has been accepted from the viewpoint of the highway user and that 
the trucking industry has accepted the 400: 1 ratio as a performance control. Only 1 of 
the 5, 8-cylinder engines offered by International Harvester in its heavy trucks would 
have a weight-horsepower ratio over 400:1. From all indications, it would seem rea
sonable to accept the 400: 1 ratio as a design criteria. 

TABLE 4 

GRADE VERSUS MAXIMUM SUSTAINED SPEED 
AS DETERMINED BY DIFFERENT 

GRADABILITY PROCEDURES 

Maximum Sustained Speed (mph) 
Percent 
Gr ade Willey Huff and Firey and 

Scrivner Peterson 

1 N.A . 33 .5 45.3 
2 23.0 22 .0 31.l 
3 17 .5 15 .0 23.0 
4 12.0 9.5 18.5 
5 9.0 9.0 15.3 
6 7.0 8.0 13 .0 
7 6.0 7.5 11.8 

SAE 

33.5 
24.2 
18. 5 
15.0 
12.5 
11.0 
9 .5 

Truck Entering Speeds 

Truck operating speeds along a highway , 
obviously, are determined by the profile of 
that particular highway. Huff and Scrivner 
selected an entering speed on grades of 47 
mph because it was the average speed of 
trucks on approximate level grades in Texas . 
Although this no longer represents the aver
age speed, the Texas Highway Department's 
1968 statewide speed s urvey (13) indicates 
that a speed of 47 mph now represents the 
15th percentile truck speed on Texas high
ways. Because the 15th percentile truck 
represents a reasonable lower boundary 
condition, the 47-mph entering speed is 
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appropriate for design when entry 1oopoo 
to a grade from a level approach 
is considered. 

Speed Reduction Criterion 

Truck speeds may be related 
to the average running speed of all 
traffic along a highway. The con-
clusion in a study reported by 
Solomon (14) was that, regardless 
of the average speed on the high-

50,000 

10,000 

way, the greater a vehicle's de- ~ ~.ooo 
viation from this average speed, : 
the greater was its chance of be-
ing involved in an accident. The 
accident involvement rates re-
lated to the deviation from the 
average speed are shown in Fig
ure 11. 

The speed distribution of ve-
hicles t raveling Texas highways 
may be obtained from the Texas 
Highway Department (13). By uti-
lizing this speed distribution and 
relating it to the accident in
volvement rates shown in Figure 
11, one can obtain the accident 
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involvement rate for 4-or-more
axle trucks operating on level 
grades. If the reduction in the VARIATION FROM AVERAGE SPEED, M.P.H. 

average speed of all vehicles on 
a grade is assumed to be 30 per
cent of the truck speed reduction 
on that same grade, the accident 
involvement rates for truck speed 
reductions of 5, 10, 15, and 20 
mph may also be developed (Ap-
pendix B). 

Figure 11. Accident involvement rate by variation from average 
speed during day and night. 

The results of the analysis are given in Table 5 and shown in Figure 12. Most states 
hase theil' climbing lane design on the criterion of a 15-tnph reduction of truck speed. 
The accident rate for a 15-mph reduction is almost 9 times the involvement rate for a 
0-mph reduction and approximately 2.4 times the rate for a 10-mph reduction (Table 5). 
The accident involvement rate increases, in absolute terms, 1,280 from the 10-mph to 
the 15-mph reduction. This is an increase of more than 5 times the increase from the 

TABLE 5 

ACCIDENT INVOLVEMENT RATE OF TRUCKS ON 
GRADES COM.PARED TO THEl VARIATION FROM THE 
AVERAGE SPEED OF ALL VElllCL"ES ON A HIGHWAY 

0-mph to the 5-mph reduction. This would 
indicate that a definite consideration should 
be given to the 10-mph reductionias a climb
ing lane design criterion, in place of the 
present 15-mph reduction. 

For the steeper grades, thought should 
be given to further reduction of the speed 

Speed Reduction Accident Involvement Rate criterion. A 5-mph decrease in the speed 
(mph) Involvement Rate RatioRelated to d ti 't · d t b t tiall o-speed Reduction re uc on en erion oes no su s an y 

--- ----- --- --- --- increase the required climbmg lane length 
~ !:r ~:~~ for the steeper grades (Fig. 1 O). This small 

10 913 3.70 increase in climbing lane length would be 
~~ ~;!i; 1~::g more than offset by the concomitant reduc

tion of the accident involvement rate. These 



same considerations apply on the down
stream end of the climbing lane, where it 
is necessary to allow acceleration of the 
truck to a speed at which it can safely re
enter the normal traffic stream. 

In terrain that dictates consecutive 
climbing lanes at short intervals, con
sideration should be given to joining the 
separate climbing lanes to form one con
tinuous lane. This would eliminate the 
hazardous situation of reenteringthe truck 
into the normal flow of traffic and then, 
in a short distance, removing the truck 
again. 

SUMMARY AND CONCLUSIONS 

Based on this evaluation, which covered 
several truck gradability studies and pre
diction procedures, there is no substan
tiated justification for upgrading the truck 
gradability curves developed by Huff and 
Scrivner (2) as employed by the 1965 
AASHO Policy (1). These curves were 
theoretically derIVed and validated by road 
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Figure 12. Accident involvement rate of trucks by 
speed reduction of design vehicle. 

tests of a heavily loaded truck with an approximate weight-horsepower ratio of 400:1. 
The trucking industry appears to have accepted this ratio as a performance control, al
though this does not account for the overloading occasionally practiced. From all indi
cations of the trends in weight-horsepower ratios of trucks in operation, the 400: 1 ratio 
appears to have continuing application as a design criterion. 

The truck gradability curves developed by Huff and Scrivner utilize a 47-mph speed 
for trucks entering a grade from a level section. This represented the maximum sus
tained speed of the test truck on a level grade. This speed was the average of all trucks 
on Texas highways in 1953 and was considered as representative of a critical operating 
condition. Actually, a more representative critical speed would be the speed that is ex
ceeded by, say, 8 5 percent of the trucks on the highway. The Texas Highway Depart
ment's 1968 speed survey indicated that approximately 8 5 percent of the trucks exceeded 
47 mph. Therefore, the 47-mph truck entering speed is applicable for current design 
considerations. 

The AASHO Policy currently employs a 15-mph speed reduction criterion for deter
mining critical lengths of grades. No objective basis could be found for this criterion. 
Some existing data were applied to establish an objective basis for a speed-reduction 
criterion. 

Taragin (3) developed a curve that related accident involvement rate to deviation from 
the average speed of the traffic stream. This relationship showed that the involvement 
rate increases logarithmically as this deviation increases. This relationship and the 
Texas Highway Department's 1968 speed survey data were used to compute accident in
volvement rates for various speed reductions of 4-or-more-axle trucks (Fig. 12). The 
accident involvement rate related to a 15-mph speed reduction of the design vehicle is 
almost 9 times that of a 0-mph reduction. The involvement rate increases very rapidly 
for increases in speed reduction beyond 10 mph. This relationship indicates that a 10-
mpb speed reduction criterion should be substituted for the present 15-mph criterion. 

Highway engineers have been concerned that present design criteria are often respon
sible for truck climbing lanes that are too short for efficient operation. Operational 
problems are created for the following reasons: 

1. With the present 15-mph speed reduction criterion, the common practic_e has been 
to end a climbing lane when tl1e design truck i·egains a speed equivalent to that speed for 
which the climbing lane was begun. This practice , for many profile conditions, allows 
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the ending of the climbing lane shortly over the crest of the hill. This practice can 
create a lack of adequate operational sight distance to the end of the climbing lane, es 
pecially for slow-moving automobile drivers who choose to use the auxiliary lane. 

2. Truck drivers find it difficult to maintain desired operation of their vehicles on 
short climbing lanes and, therefore , are often reluctant to use climbing lanes in areas 
where they know by experience these auxiliary lanes tend to be short. 

Although no investigation was made of the optimum length of truck climbing lanes, the 
substitution of a 10-mph speed reduction criterion in place of the current 15-mph cri
terion would alleviate these operational problems. 
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Appendix A 

DERIVATION OF FORMULAS 

Huff and Scrivner's Speed-Distance and Time-Distance Formulas 

Through the summation of forces acting on a truck ascending any grade, a basic force 
equation may be developed: 

W dv 
g dt 

When divided by W, Eq. 16 becomes 

P - W sin a 

P 1 dv w =: g dt + sin e 

(16) 

(17) 
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If it is stipulated that 

p 
W = av+ b (18) 

then, by substitution, an equation is formed that does not contain P /W: 

~~ - gav + g(sin B - b) = 0 (19) 

v - v 
If dv/dt is the change in velocity with respect to time,--;-, and vis the average ve-
locity, V, then Eq. 19 becomes 

v -v 
--;- - gav + g (sin a - b) = O 

By multiplying by the time, t, and solving for Vt, we may write Eq. 20 as 

Vt = v o - v + gt( sin B - b) 
ga ga 

(20) 

(21) 

Any distance, x, may be measured by the average velocity multiplied by time; there
fore, Eq. 21 becomes 

1 Vo - V 
x = - = -- + (sin a - b)t a g 

which is Huff and Scrivner's first equation . 
Their second equation may be derived by first solving for dt in Eq. 19. 

dt - dv 
- g(av - sin 9 + b) 

If Eq. 23 is integrated from t0 tot, 

J'.t = _!_ JV dv 
g av - sin B + b 

to Vo 

and, because (sin B + b) is constant over any interval v0 to v, then Eq. 24 becomes 

Then, 

1 
t = -ag 

Vo 
f av+ 

t =a~ In [av+ (-sin 9+ b)] 

adv 
(-sin 9 + b) 

(22) 

(23) 

(24) 

(25) 

(26) 
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or 

1 av - sin e + b t = - ln ag av 0 - sin 9 + b 
(27) 

Simplified Speed-Distance Formula Using Huff and Scrivner's Assumptions 

A simplified speed-distance formula may be derived by using the same assumptions 
made by Huff and Scrivner. If dv/dt is the change in velocity with r espect to time and 
v is the average velocity, Eq. 19 becomes 

v0 - V 
-t- - gaV + g (sin 6 - b) 0 (28) 

When divided by the average velocity, v, Eq. 28 becomes 

Vo - v g(sin e - b) 
0 --- - ga + = 

Vt: v 
(29) 

Any distance, x, may be represented by an average speed times time, Vt:; therefore, 
Eq. 29 becomes 

g(sin 6 - b) - ga + .._,_ __ v _ __, 0 

v + v 
Solving for x and substituting~ for V, we may write Eq. 30 as 

2 
1 Vo - V 

x = g a{v
0 

+ v) - 2(sin e - b) 

Appendix B 

ANALYSIS OF ACCIDENT INVOLVEMENT RATES 
OF 4-AXLE TRUCKS ON GRADES 

(30) 

(31) 

An analysis was made of accident involvement rates to ascertain whether the 15-mph 
speed reduction design criterion is adequate for determining the critical length of grade . 
In a report by Solomon (14), accident involvement rates were related to average running 
speeds of vehicles on a highway. The conclusion was that, regardless of the average 
speed on a highway, the greater a vehicle deviated from the average running speed of 
all vehicles, the greater was its chance of being involved in an accident. The involve
ment rates as they relate to the deviation from the average running speed of all traffic 
along the highway are shown in Figure 11 of this report. 

Each year the Texas Highway Department reports the speed distribution of all ve
hicles traveling on the highways in Texas. This survey is made by recording the actual 
speed of vehicles at 31 strategically located speed-survey stations across the state. In 
1968, the speeds of 48,253 vehicles were checked, 35,776 of which were passenger cars 
and 3 ,284 were 4-or-more-axle trucks. 

The following assumptions were made to facilitate the analysis of accident involve
ment rates: 



1. That the statewide average speed 
determined by the Texas Highway Depart
ment was the typical average speed of all 
vehicles operating on level grades along 
a highway. 

2. That the statewide speed distribution 
for 4-or-more-axle trucks determined by 
the Texas Highway Department was the 
typical speed distribution for this type of 
truck operating on level grades along a 
highway. 

3. That the involvement rate for each 
category would be multiplied by the day
time involvement rates versus deviation 
from the average speed (Fig. 11). The 
daytime rates were employed because they 
were lowest and were considered to be 
conservative for this analysis. 

4. That all 4-or-more-axle trucks de
celerated in the manner shown in Table 6. 

5. That the average speed reduction of 
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TABLE 6 

ASSUMED SPEED REDUCTION OF 4-AXLE TRUCKS 
ACCORDING TO SPEED CATEGORIES FOR VARIOUS 

SPEED REDUCTIONS OF THE DESIGN TRUCK 

Truck Speed Speed Reduction of Design Trucka (mph) 
Categories 

(mph) 0 10 15 20 

30 to 35 0 8 13 18 23 
35 to 40 0 7 12 17 22 
40 to 45 0 6 11 16 21 
45 to 50 oa Sa 10a 15a 20a 
50 to 55 0 4 8 12 16 
55 to 60 0 3 6 9 12 
60 to 65 0 2 4 6 8 
65 to 70 0 1 2 3 4 
70 to 75 0 0 0 0 0 

Avg. speed of 
57_9b all traffic 59 .4 56.4b 54.9b 53.4b 

aDMign truck operates within the 45 to 50 rnptt ca1egory. 
bAliu n1ed average speed of gi ll traffic on gr(ldcs Is cBlculated by subtracting 

30 percent of the design truck speed reduction from the average speed, 59.4 
mph, of al I vehicles on level grades. 

all vehicles on a grade was 30 percent of the average truck speed reduction on that same 
grade. 

The following procedure was used to determine the accident involvement rates on 
grades: 

1. The average speed of all vehicles on level grades and the speed distribution cate
gories were obtained from the data reported by the Texas Highway Department. 

2. The midpoint of each speed category was subtracted from the average speed of 
all vehicles to determine the difference. 

3. The deviation in speed from the average for each category was used to determine 
the involvement rate for that category from the daytime involvement rates versus speed 
variation (Fig. 11) . 

TABLE 7 

ACCIDENT INVOLVEMENT RATE OF 4-AXLE TRUCKS WITH AN ASSUMED SPEED REDUCTION 
ON GRADES OF 15 MPH BELOW THE SPEED ON LEVEL GRADES 

Percent of 
Difference Percent of Trucks )( 

Average Truck Speed From Total 4-Axle Involvement Involvement 
Speed Categories Midpoint Average Trucks Rate Rate 

(1) (2) (3) (4) (5) (6) (7) 

54 .9 12 to 17 14.5 -40.4 0.9 100,000 90,000 
18 to 23 20.5 -34.4 . 3 .9 17,000 66,300 
24 to 29 26.5 -28.4 6. 1 3, 700 22, 570 
30 to 35 32.5 -22.4 18.3 1, 180 21, 594 
38 to 43 40.5 -14.4 19 .8 350 6,930 
46 to 51 48.5 - 6.4 37.4 175 6, 545 
54 to 59 56 .5 + 1.6 10.0 118 1, 180 
62 to 67 64.5 + 9.6 3.4 123 4, 182 
70 to 75 72 .5 +17 .6 0.2 200 40 

Total 100 .0 219,341 

Involvement rate= 219,341 / 100 = 2,193 

Notes: Col. 1. Average speed of all vehicles on level grades less 30 percent of assumed reduction in truck speed on grades: 59.4 -
(0.3)(15) = 54.9. 

Col. 2. Truck speed categories as determined by subtracting the assumed truck speed reduction in Table 6 from the speed 
categories established by the Texas Highway Department. 

Col , 3. The midpoint of each truck speed category. 
Col. 4. Difference of the average truck speed from the average speed (col. 1 minus col. 3). 
Col. 5. Percentage of total 4-axle trucks in each speed category as determined by the Texas Highway Department. 
Col. 6. Involvement rate taken from Figure 15 . 
Col. 7. Product of the percen_tage of total 4-axle trucks and the involvement rate for the speed differential for each speed 

category (col . 5 times col 6) . 
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4. This involvement rate for each category was multiplied by the percentage of 4-or
more-axle trucks within each speed category to obtain the weighted involvement rate. 

5. All weighted rates were totaled and divided by 100. 
6. The same procedure was followed, with one exception, to determine the involve

ment rates on grades that would cause a truck speed reduction of 5, 10, 15, and 20 mph. 
The average speed on the grade was established by subtracting 30 percent of the truck 
speed reduction from the average speed of all vehicles on level grades. All other steps, 
2 through 5, were exactly the same. An example of the calculation procedure is shown 
in Table 7 for the 15-mph speed reduction. 



Passing Performance With In-Car Displays 
EDWARD F. RIZY, MARTIN SONN, DONALD B. HAMPTON, and RICHARD M. CARR, 

Submarine Signal Division, Raytheon Company 

Passing Aid System II (PAS II), a traffic monitoring system 
currently under development, is designed to advise drivers on 
2-lane roads whether it is safe to pass in a sight-limited situa
tion. The present study compares the effects of alternate PAS 
II in-car displays on driver performance in a highway driving 
simulator. The 3 displays tested were an alphameric readout, 
a flashing-color indicator, and an auditory signaling system; all 
3 displays indicated the time before an oncoming car would be 
met. The alphameric display was related to consistent and con -
servative passing under normal circumstances. Drivers did 
not respond to emergency situations as well with the alphameric 
as with the flashing display. The auditory display, with a re
petitive rate of sound, was confusing to drivers. Drivers pre
ferred the alphameric display and rated the auditory low. Based 
on both throughput and safety maximization, the flashing display 
was recommended. 

•TRAFFIC ON 2-LANE RURAL HIGHWAYS is often impeded by slow-moving vehicles. 
The driver who decides to pass must evaluate a complex problem involving acceleration 
and handling characteristics of his own vehicle, the passing car (PC), closing rate of 
his car with respect to the leading (LC) and approaching (AC) cars, distances to LC and 
AC, and road geometry, all within a few seconds. In the sight-limited, no-passing zone 
situation, information about the AC is not available and is replaced by the a priori prob
abilities estimated from previous oncoming traffic density. In a high-risk game against 
unpredictable events, the driver probably obeys the traffic law. When he does not, he 
occasionally loses the game. 

BACKGROUND 

Various techniques for estimating "goodness" of passing decisions have been applied 
to the oncoming-car, limited pass, where the AC is in sight while the passing decision 
is made. Drivers tend to overestimate low closing rates, underestimate high ones (1), 
and only slightly adjust to closing velocity (2). Jones and Heimstra (3) found that almost 
half of the judgments by drivers of the last point in time for safe pasSlng were underes
timates. Crawford (4) reported driver response speeded up as time to pass became 
short, then slowed down as time became too short for a safe pass, thus compounding 
risk in the latter situation. 

Passing judgments were reported to be significantly improved when drivers were 
provided with knowledge of AC speed or closing velocity (1). Although the addition of 
information did not change passing time and safety margins, the variances of accepted 
passing time gaps and of safety margins were reduced significantly, indicating that the 
driver with knowledge was a more stable part of the driver-car-road system. A final 
criterion for the value of an information system is accident and mortality data, not 
available from the field except in grossest form and experimentally accessible only from 
simulation studies. 

Paper sponsored by Committee on Operational Effects of Geometrics. 
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The U.S. Bureau of Public Roads has been exploring electronic techniques for de
tecting traffic flow and for giving drivers passing-aid information in sight-limited situa
tions. A feasibility study was conducted on an early configuration of the Passing Aid 
System I (PAS I) at the Fairbank Highway Research Station, McLean, Virginia (5). 
Drivers were informed by an auditory signal whether an oncoming car was more t han 
1,300 ft away (steady tone) or less than 1,300 ft away (intermittent tone that increased 
in rate as distance decreased). Results indicated that PAS I increased the frequency 
of safe passing but did not change the frequency of unsafe passes. 

The PAS concept is being developed into an operational system by the Raytheon Com
pany under contract to the Bureau of Public Roads. A critical question arising from the 
PAS I findings is how should the information be given to the driver considering a pass. 
The PAS II system will be capable of determining time gaps between PC and AC. Three 
types of displays were considered practical and compatible with the PAS II system: (a) 
an auditory display similar to that used in PAS I; (b) a visual display of an alphameric 
message that gives time gap as a readout with redundant green-yellow-red color coding; 
and (c) visual display of a flashing, color-coded technique without the readout of the 
number of seconds in the time gap. 

The question addressed in the present research was: If we presume that information 
concerining the AC may be used to reduce driver error (1, 5), which of the 3 types of 
displays proposed for use in PAS II, auditory (AUD), alphameric (A/N), or flashing 
(FL), would maximize road throughput and minimize risk in the passing maneuver? This 
study investigated the problem of display selection through a realistic simulation of a 
2-lane highway situation, and an analysis of passes made under conditions expected to 
be found on the road. 

METHOD 

The Driving Environment 

The PAS II experiment used the optical-belt simulator of the Injury Control Labora
tory, Providence, Rhode Island. Four movable belts simulate the lanes and roadsides 
of a 2-lane rural road. The belts are optically interfaced with a full-sized, laterally 
moving car body (Fig. 1). 
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Figure 1. Optical-belt simulator. 
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Figure 2. Driver's view of roadway and PAS 11 display on dashboard. 

The driver sits in a Rambler American 2-door sedan with automatic transmission. 
He views a display of the road scene (Fig. 2) appearing on a rear-projection screen 
directly in front of the Rambler windshield. Functioning instruments and controls and 
wind and motor noise are added for realism. Steering action causes the Rambler to 
move laterally in the direction steered; the input optics also move laterally across the 
near end of the conveyor belts. Further details concerning the simulator are given in 
other reports ~' :!._). 

PAS II Displays and Simulation 

Three types of display messages, alphameric, flashing, and auditory, were used in 
the study to indicate the time before meeting an AC. Each display used either 5- or 

TABLE 1 

INFORMATION GIVEN IN EACH DISPLAY 

Condition 
Alphameric Alphameric Flashing Flashing Auditory Auditory 
6-Message 4-Message 6-Message 4-Message 6-Message 4-Message 

System not 
operating Black Black Black Black No sound No sound 

25 sec or 25 SEC Green light 1, 100 Hz tone 
more green hackground 20 SEC at 1.0 signal Green light at 1.0 signal 1,100 Hz tone 

green background per sec at 1.0 signal per sec at 1.0 signal 
20 to 25 sec 20 SEC Green light per sec 1, 100 Hz tone per sec 

green background at 1.3 signals at 1.3 signals 
per sec per sec 

15 to 20 sec 15 SEC Yellow light 1,100 Hz tone 
yellow background 10 SEC at 1.6 signals Yellow light 

at 1.6 signals 
1,100 Hz tone 

yellow background per sec at 2. 3 signals 
per sec 

at 2.3 signals 
lO lo 15 sec 10 SEC Yellow light per sec 1, 100 Hz tone per sec 

yellow background at 2.3 signals at 2.3 signals 
per sec per sec 

10 sec or DON'T PASS DON'T PASS Red light Red light 1,100 Hz tone 1,100 Hz tone 
less red background red background at 3.6 signals at 3.6 signals at 3.6 signals at 3.6 signals 

per sec per sec per sec per sec 

Unanticipated ABORT with intermittent red background Red light and 1,450 Hz tone at 1,450 Hz tone at 3.6 signals per 
approach and 1,450 Hz tone at 3.6 signals per sec 3.6 signals per sec sec 
car (abort) 
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10-second intervals, requiring 6 or 4 messages respectively to cover the time period of 
interest, 30 sec. The information presented in each display is given in Table 1. 

All displays were generated on an in-car display unit mounted on top of the dash
board in the center of the Rambler PC . The visual displays were produced on an IEE 
Series 10 rear-projection readout device and shown on a 1 5/i.6 -in. square screen. Audi
tory signals were presented by a 3- in. loudspeaker mounted within the in- car display 
unit. Specific details of display design are given in another report (6). 

An experimenter's control unit contained the electronics required-for setting up time 
gaps, selecting display mode and message length, and controlling message presentation. 
Outputs from the display generator were used to trigger the start of the AC down the 
simulator roadway at the appropriate time and to feedaBeckman8-channelpenrecorder. 

Experimental Design 

The experimental parameters are given in Table 2. A 4-factor repeated-measures 
design was used, with all drivers tested individually under all combinations of displays, 
number of messages, time gaps (TG), and designated velocities (DV). The abort con
dition occurred as a random factor within the 30-sec time gap and was balanced across 
the other 3 factors. 

Six combinations of display mode and numbers of messages were available. Each 
combination was given to a driver on a separate day. The drivers were randomly as
signed to counterbalanced orders of display presentation to control practice effects. 

On a given day, the driver was presented with 24 optional passing events that included 
each time gap at each designated velocity plus 4 abort conditions occurring at the 4 des 
ignated velocities with an initial 30-sec time gap. Passing during each designated 
velocity was aborted only once in each session. The 24 optional passing events were 
presented in random order to each driver. Experimental sessions, including warm-up, 
were an hour long. Drivers finished the experiment within 2 weeks of an initial prac
tice session . 

Experimental Procedure 

After 10 min of warm-up, the driver began the test section of each session by bring
ing his vehicle, the PC, up to and maintaining a velocity designated by the experimenter 
(30, 40, 50, or 60 mph). After 30 sec of driving with no oncoming or impeding traffic, 
an LC was brought into view. The experimenter manipulated the velocity of LC so that 
PC, at the designated speed, gradually overtook it until a prepass headway correspond
ing to 1 car length per 10 mph was obtained. The experimenter disengaged the clutch 
for the right lane belt, holding the headway constant, and monitored the PC speed. 

After 15 to 30 sec, the experimenter initiated the optional passing event by simul
taneously engaging the clutch of the right lane belt and switching on the PAS II in-car 
display, already set for the preselected TG. The TG was assigned 5 values: 10, 15, 
20, 25, or 30 sec. The display in use for the particular session-day immediately in
dicated the TG available and showed, in decreasing intervals, the TG remaining. 

The driver had to decide, based on the information presented on the display, whether 
he could pass in the available time. The driver was preinstructed that, if he passed, 

TABLE 2 

EXPERIMENTAL PARAMETERS 

Parameter 

Number of messages 

Display mode 

Time gap 

Designated velocity 
Prepass headway 

Abort condition 

Level 

4-message, 6-message 

Alphameric, Flashing, Auditory 

30, 2 5, 20, 15, 10 sec 

30, 40, 50, 60 mph 
60, 80, 100, 120 ft 

On, Off p (Abort) = % 

he must remain in the passing lane until 
he saw the LC headlights switch on in his 
rearview mirror (Fig. 1). He could then 
return to the right lane. The LC head
lights were timed to appear 2. 5 sec after 
the PC simulated passing the LC, which 
allowed for a reasonable clearance before 
returning to lane. 

If the pass was successful, the driver 
proceeded on the open road at a newly des
ignated speed with no oncoming or im -
peding traffic for approximately 30 sec at 
which point another LC came into view. 
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The experimenter proceeded to establish the prepass headway again by controlling the 
LC speed while monitoring the PC speed and keeping it within limits. 

An unsuccessful pass occurred when the PC (actually the input optics to the driver's 
compartment) struck either an LC or AC in the act of passing or aborting a pass. All 
conveyor belts were stopped, the vehicles were repositioned, and the experiment was 
resumed as after a successful pass. 

If the driver decided not to pass, he remained in lane until the AC passed, whereupon 
the experimenter adjusted the LC speed to the speed for the next trial, notified the driver 
of the proper speed, and readjusted the prepass headway to correspond to the newly des
ignated speed. 

If the driver started to pass, and then changed his decision, he could return behind 
the LC. In this mode, a head-on collision might have taken place, depending on the point 
of the PC reentry into the right lane. After reentry, the experiment proceeded as after 
a rejection of a passing option. 

An abort signal was initiated by the experimenter once during each of the 4 designated 
velocities with a TG of 30 sec. At the 30-mph DV, the abort signal appeared 3 sec after 
the initial TG = 30 sec message; at 40 mph, 5 sec after; at 50 mph, 7 sec after; and at 
60 mph, 9 sec after. (Extensive pilot testing indicated that at these times and speeds 
the average driver would be at the point in his pass where it would be equally difficult 
to get safely behind or in front of the LC .) Simultaneously with the abort signal, the AC 
was started down the conveyor belt at the same speed as the PC's initial and designated 
velocity. The driver could then either attempt to pass LC or attempt to maneuver be
hind LC. The abort signal was displayed until the AC passed or collided with the PC. 

Subjects 

Twenty-four drivers took part in the study, 13 males and 11 females. These sub
jects, whose ages ranged from 21 to 64, were licensed drivers with at least 20/30 cor
rected distance acuity and normal color vision as determined on the Bausch and Lomb 
Orthorater. Drivers had a minimum of 4 years' driving experience. Each participated 
in all phases of the experiment and used all display configurations. Further informa
tion on the driver sample is contained in another report ~). 

RESULTS 

Number of Successful Passes 

The objective of a passing-aid system is to facilitate traffic flow while maximizing 
driver safety. A global index of level of traffic in the present study was the number of 
passes successfully completed with each display. An analysis of variance of passes 
made using the 3 display modes and 2 message lengths indicated significant effect of 
display mode (p < 0.05). The A/ N displays were associated with significantly fewer 
passes than either the FL or AUD, averaging about one pass less per session. There 
was no significant difference between 4 and 6 messages, nor were there any significant 
interactions. 

Passes completed at each designated velocity and time gap for each display were not 
treated statistically because of the great variation in number of items per cell. The 
frequencies of passes made at DV's and TG's were used to derive median acceptable 
t ime gap for a success ful pass , or time gap threshold (Fig . 3). Passing times aver aged 
about 5 sec longer in this study than in t he liter ature (8, 9) because i n the present s tudy 
passing time commenced with the onset of the display and- not with t he leaving of the 
right l~e, and also included overtaking time from a safe prepass headway. Time gap 
threshold was determined as the time gap where 50 percent of fully attempted passes 
would have occurred, based on frequency of successful passes and occurrence of acci
dents during normal passing. Time gap thresholds for FL displays were lowest of the 
3 displays at 30 mph, a relatively safe condition where the driver had the greatest part 
of the accelerative capability of his car available. FL-4 thresholds were lowest at all 
DV's except 60 mph where the threshold was as high or higher than for any other dis
play. The AUD-6 time gap threshold was lowest of the 6 displays at the most hazardous 
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Figure 3. Time gap thresholds at designated velocities for displays. 

velocity, 60 mph. The A/N-6 display was related to the highest threshold at every 
velocity but 60 mph. 

Safety Margin 

A second criterion of passing performance was the amount of time between the mo
ment the PC returned to the right lane and the moment the PC and AC passed on the 
road, or the safety margin. Figure 4 shows the safety margins for all 3, 6-message 
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displays, the functions for 4-message displays being essentially identical. Differences 
among displays in terms of safety margins were negligible. The only detectable trend 
in the data was that FL displays were associated with lowest average safety margins at 
time gaps above 15 sec. At the 15-sec time gap, there was no apparent difference with 
regard to displays. 

Safety margins decreased linearly with available time gap, dropping by about 5 sec 
with each decreasing TG except at the lowest TG's, where margins decreased propor
tionately less. The linear decrease was attributable to a general anxiousness to com
plete the pass, regardless of displayed message, perhaps because of the possibility of 
abort occurring. At the shortest TG's, however, deviations from linearity were ap
parent in every case. This would appear to mean that subjects wasted a little safety 
margin during safe (TG > 15 sec) passes. The nature of the driver sample changed 
radically, however, when TG was short in that only highly capable and risk-taking (or 
confused) drivers attempted to pass. (Many other passes were begun but aborted as 
soon as the AC appeared.) This reduced sample was probably achieving maximum safety 
margin at every TG. At the shorter TG's the cautious drivers tended not to pass. The 
increase in the mean safety margin at shortest time gaps appeared to be due, primarily, 
to selective sampling. 

Safety margin also decreased slightly but regularly with increasing designated veloc
ity because of the gradual loss of accelerative capability and the longer prepass head
ways found at the higher speeds. At 60/15, margins approached zero, and in no case 
were mean safety margins above 1 sec (Fig. 4), again indicating the hazardous nature 
of that particular DV /TG condition. 

Safety margins obtained by passing during an abort condition followed the same trend 
with respect to DV as in the nonabort cases. Margins averaged about 2 sec at DV = 30 
mph, about 1.2 5 sec at DV = 40, about 0. 7 5 sec at DV = 50, and less than 0. 5 sec at 
DV = 60 mph. Passing on an abort in a high-speed trial was again highlighted as an ex
tremely hazardous maneuver. 

Passing Time 

Driver performance was only one factor in safety margin; this margin was deter
mined also by the starting time and speed of the AC. A more direct measure of driver 
performance was passing time, defined as the interval from display onset until the PC 
returned to the right lane at the completion of a pass. The passing time, as defined, 
included decision and response times, time to overtake and pass, and time to return to 
lane after onset of the LC headlights in the rear of the PC. Prepass headways were 
fixed at 1 car length per 10 mph, a restriction not normally found on the road but one 
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Figure 5. Mean passing time as a function of time gap and 
designated velocity for FL-6 display. 

that was imposed for experimental 
control. The increase in passing 
time with increasing DV reflects, 
in part, this restriction. 

Passing times were plotted for 
the 6 displays at the 4 DV's and 5 
TG's. Differences among displays 
were extremely minor and no trends 
were apparent. Mean passing times 
for the DV's and TG's for a repre
sentative display, FL-6, are shown 
in Figure 5. Passing time increases 
with increasing DV and with increas
ing TG. The longest passing times 
occurred at TG = 30 sec. Slight de
creases appeared at TG = 25 sec 
and again at 20 sec. A much larger 
decrease in passing time occurred 
at TG = 15 sec, ranging from 1. 7 to 
3 .0 sec. The reduction in passing 
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time varied directly as a function of UV and inversely as the number of drivers passing 
at 15 sec. However, only a small part, if any, of the reduction in passing time was at
tributable to variation in the size of the driver sample and elimination of low perform
ers. At 30/ 15, 20 of the 24 drivers passed. At the same DV and TG = 20 sec, 22 
passed. The reduction of the sample by 2 drivers' scores would not have accounted for 
a reduction in mean passing time of 1.7 sec. 

Apparently, drivers were expending maximum effort not at every pass but only when 
TG became short. Passing times on abort were lowest of all and appeared to represent 
close to the minimum possible time obtainable with the particular PC used. 

A criterion for stability of performance, variance reduction, was applied to the pass 
ing time data. Graphical inspection revealed no trend with respect to the small variance 
differences among DV 's. Variances of the distribution of passing times were averaged 
over DV' s and are shown in Figure 6 . Performance using the A/ N- 6 display was asso.
ciated with variance slightly less than that of the rest of the displays. The A/N-4 dis 
play condition had the highest variance at the shorter gaps. No clear distinctions were 
seen among display types or message lengths. 

Passing time variance decreased regularly as TG became short, indicating again that 
drivers were tightening up their responses as time became critical. The reduction of 
mean passing time plus the reduction of variance were the drivers' only methods of 
maintaining their safety margin when they decided to pass. 

Two items are deserving of note with regard to passing time variance. First, this 
statistic did not differentiate among displays, although numerous other measures re
ported here indicate substantial differences among the media. The lack of sensitivity 
of variance seemed to imply that passing time may be a rather automatic product of car 
and driver with the primary modifier being time to pass. Second, a misinterpretation 
of Farber and Silver (1) might lead researchers into a blanket application of variance 
reduction as a criterion for safety in measures other than passing distance or time judg
ments. Application of variance reduction to passing time as an indicant of safety was 
obviously unwarranted, as variance became smaller as time-to-pass decreased and 
risk increased. 

Accidents 

In the present investigation, 13 accidents were observed; accidents were defined as 
vehicular contact of PC-AC or PC-LC. Probability of an accident in 3,456 total trials 

given was 0.0038; probability of an 
accident in 2, 007 complete attempts 
at passes (1, 994 passes plus the 13 
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accidents) was 0.0065. Eleven of 
the 13 accidents involved AC contact 
and were classed as head-on or 
head-on and sideswipe collisions. 
No PC left the roadway, striking 
scenery, during the study. 

The probability of accident dur 
ing the simulation was considerably 
greater than in a real road situation 
because neither the LC nor AC was 
able to take evasive action, compen
sating for a poor decision by the PC 
driver or for an abort emergency. 
Accidents as stated may thus be in
terpreted as hazards to which LC 
and AC drivers would have to react, 
the required amount of their reaction 
varying from slight to considerable. 

The AUD-4 display was associ
ated with 6 accidents; 2 accidents 
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happened under the AUD-6 display. Four accidents occurred with A/N-6 and one with 
A/N-4, all under abort at 60 mph. Accidents did not occur when flashing displays were 
in use. The 60/abort situation was the most hazardous condition, accounting for 7 col
lisions, followed by the 60/15 with 3, the 50/abort with 2, and the 30/15 with 1. 

The incidence of collision on abort was not a fixed percentage of passing attempts 
per display. In the 576 abort conditions, 160 successful passes and 9 accidents occurred. 
Passes were made primarily in the middle range of DV and, except for AUD-4, were 
made with uni.form frequency across displays. The complex relationship of displays to 
accidents is exemplified in the DV = 60 condition. With A/N-6, drivers made 6 attempts 
to pass and had accidents 4 times; with FL-6, they succeeded in passing on all 6 
attempts. 

Only with AUD displays did accidents occur elsewhere other than under abort. A 
rear-end collision occurred at 30/15 with AUD-6 when the driver veered back into lane 
at the onset of the fastest signal rate. This was the only accident below DV = 50 mph. 

The 3 accidents occurring at 60/15 with the AUD-4 display appeared to have been the 
result of message confusion. If drivers were interpreting the 2.3 signals per sec tone 
as a "safe" 1.0 signal per sec tone, and then perceived the 3.6 signals per sec tone as 
a marginal area, effectively having shifted their go/no-go criterion one step from true 
message, their first indication of error would have been the appearance of the AC on 
the belt at a closing rate in excess of 130 mph, were a pass being made. A driver would 
have about 31/z sec to see the AC, reject his erroneous decision, take evasive action, and 
clear the left lane. The time-velocity constraints did not seem to permit sufficient time 
for action with this display. 

Decision-Reaction Time 

Decision-reaction time (DRT) was defined as the interval from onset of the display 
to depression of the accelerator. The fastest mean DRT's were associated with AUD-6 
(0.61 sec) and AUD-4 (0.64 sec). Intermediate mean DRT's were the A/N-4 (0.66 sec) 
and the A/N-6 display (0.69 sec). The slowest responses were to the FL displays, 0.70 
sec fo1· FL-4 and 0.73 sec for FL-6. The auditory-visual DRT difference paralleled 
that found in intermodal comparisons of simple reaction time. Differences among dis
plays, although possibly statistically significant, were too small for practical 
significance. 

The other DRT data available were the accelerator or brake responses to the abort 
signal. These were examined primarily to elucidate the relatively high accident rate 
during aborts for A/ N and AUD displays. Again, variability due to sample size was in 
evidence. Sometimes during an abort condition the driver stayed on maximum accel
erator, which would not permit estimate of his DRT. Two features of abort DRT were 
worthy of note. The abort DRT was just the opposite of no.rmal DRT in magnitude over 
the 3 types of displays; abort DRT's in the flashing modes were fastest, followed by 
alphamerfo and then auditory. Differences in abort DRT's among displays did not seem 
to be of sufficient magnitude of themselves to explain the differential accident rate 
across displays. Second, abort DRT increased as a function of increasing speed, an 
unexpected result and one that would make aborts at high speeds even more dangerous. 

Post-Experiment Subjective Ratings 

At the end of the last experimental session, drivers ranked the 6 displays in order 
of their preferences. The ratings were tested for differential display preferences with 
the Friedman analysis of variance by ranks, resulting in x~ = 62.86, which was distri
buted as chi-square with df = 5, with a probability of chance occurrence <0.001. Drivers 
had definite preferences for displays. To find out what these preferences were and how 
stable they were, we compared ratings for each display with every other using a sign 
test. A significance level of 0.001 was used to ensure that repeated tests would be un
likely to lead to chance significance. These individual comparisons indicated that al
phameric and flashing displays were preferred over auditory displays. Alphameric 
displays were preferred over flashing in 1 comparison. The 6-message systems were 
not any more highly rated than the 4-message systems. The post-experiment ratings 
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agreed with questionnaire data taken at the end of each session. Drivers on the average 
downrated only auditory displays with respect to (a) how much these displays would add 
to safety on the road and (b) how much, in dollar terms, these displays would be worth. 

DISCUSSION OF RESULTS 

The major difference between this investigation and others is that this one was a 
simulated situation whereas other studies have been conducted on the road. In textbook 
discussions contrasting field and laboratory research, the matter always rests on the 
comparison of realism versus precision. Several measures gain substantially in pre
cision or become available for the first time only in the traffic simulator. Gains in 
precision are seen in reaction times based on either of the 2 major pass-oriented re
sponses to a specified stimulus: in prepass and post-pass headways, safety margins, 
and lateral position on the road at all times. Accuracy is limited, ultimately, only by 
the amount of error in the simulator and by the level of sophistication of the recording 
device. Readily interpretable hard copy of the passing performance is a valuable asset. 
Detailed accident data, the ultimate criteria for highway research, become available, 
permitting analysis of performance components for etiological significance. A compre
hensive analysis of accident data, e.g., reaction times, accelerator, brake, and steer
ing performance, is given in another report (6). 

The advantage of field studies has been, undeniably, the realism they have provided, 
although, except for the purely observational studies, certain artificial procedures have 
had to be used to safeguard the lives of the subjects involved. The pr esent study, al
though not intended as a validation of the simulator approach, offers evidence that the 
situation was realistic. Heartbeat rate and EKG data, not analyzed formally, indicated 
that most drivers did react autonomicaiiy to the driving problem, particularly to "close 
calls," accidents, and abort situations. Drivers' verbal reports, both outside and in
side the simulator, showed their emotions were aroused during these same situations. 
Expletives, screams, and self-directed conversation were a frequent accompaniment 
of the insertion of abort, indicating that some stress had been induced. Finally, as is 
often reported in real-life situations, interviews with drivers after accidents were 
notably poor in obtaining details. Drivers were often unsure which car they had collided 
with, and the pen recording had to be the mainstay of accident interpretation. Simula
tion appeared to be an extremely promising technique for future traffic studies. 

In contrast with previous findings indicating driver capabilities were poor (3), drivers 
showed themselves to be remarkable in their ability to adapt to the diversity of passing 
problems and information systems, as indicated by the consistency of safety margins, 
the small but consistent modifications introduced into passing times and time gap thresh
olds. The one puzzling feature of the data was the increase in abort DRT with increas
ing velocity, a finding analogous to Crawford's report (4) of increased DRT as passing 
times dropped below available time gap. The phenomenon could be related to duration 
of initial decision or the effects of vehicle speed on the decision process. In any case, 
this factor may be a significant component of the hazards of emergencies at high speeds 
and deserves further investigation. 

The most efficient displays, in terms of number of passes made, were the flashing 
message units. Graphical analysis indicated that FL displays influenced drivers to 
make easier passes and fewer hazardous ones; i.e., a driver appeared more able to in
tegrate the performance of his own vehicle and available time gap best when time gap 
was presented as a color-coded flash rate. Drivers appeared generally cautious when 
using A/N information and somewhat less cautious with the AUD displays used, particu
larly at higher speeds. In post-experiment interviews, several drivers commented 
that the AUD displays were not very clear. When asked why they had passed so much 
with the AUD displays, the consensus was that they were willing to start a pass in "igno
rance" and wait to see what happened. At low speeds and short time gaps they tended 
to terminate passing when the AC appeared on the highway, even though it was traveling 
relatively slowly. At high speeds and short time gaps, using the same strategy, drivers 
often found themselves in trouble. In the AUD-display conditions, drivers seemed far 
more road-oriented than display-oriented and were behaving as if they were in a low
level or zero-information situation. 
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A/ N displays transmitted the most information per unit time, and this feature ap
peued adequate for the usual situation. In emergencies this relationship did not hold. 
Perhaps the time of onset of abort was critical for A/N and AUD conditions but not for 
the FL display. Inspection of the PC velocities and locations at onset of abort gave no 
evidence for this view, but it should be throroughly tested in any future investigation of 
the abort situation. If such was not the case, why was the driver in greater danger dur
ing abort with the A/N display than with the other displays? 

Amount of information available presumably influences confidence in decision and 
also set toward response. The stronger the set toward a particular response, the more 
difficult it is to adapt to changing situations. The A/N display might give the driver 
too much information, making him less able to selectively adapt to a sudden emergency. 

In contrast, the FL displays provided color, a clear indicant of risk status, plus the 
intermittent signal itself that may have been a stimulus for maintaining high arousal 
state. The driver was neither dependent on displayed numerical values nor required 
to process them. Because of the more abstract level of coding in the FL display, the 
driver appeared to proceed with a healthy degree of doubt. In the event of abort he did 
not have a strong set to eliminate before taking evasive maneuvers; hence, he was more 
adaptable. 

Was time in seconds really a good and useful display? Drivers tended to prefer this 
mode, but it is doubtful whether alphameric time readout made any uniquely beneficial 
contribution to the driver's decision process. The passing driver is processing a con
siderable amount of information concerning his own car, other cars, and road geome
try. It would appear that his spare capacity for relating time messages to the outcomes 
of each of his sets of options is very limited. A more appropriate display would 
use a more abstract level of coding, such as color or word messages or both, to com
municate the system's prediction to the driver as rapidly and clearly as possible and 
to more directly relate to the outcome of the driver's decision to pass. 

CONCLUSIONS 

1. In the investigation of simulated sight-distance-limited passing aided by a time
available information system, data indicated that, of the 3 types of displays tested, ad
visory information presented by a flashing display was related to the greatest increase 
in traffic flow and to maximum degree of driver safety. 

2. An alphameric display, although serving adequately for normal passing, was as
sociated with a relatively high number of accidents during system-initiated abort, where 
oncoming traffic suddenly intruded into a previously announced safe-passing zone. Ap
parently, more than an optimal amount of information was being conveyed, making the 
driver less adaptive to a radically changed situation. 

3. The auditory display used did not communicate time gaps clearly and was inade
quate for marginal passing. 

4. A comparison of 4- versus 6-message systems indicated no difference in number 
of passes, safety margins, or accident rate. 

5. The study was designed not to test the validity of the PAS II concept but only to 
provide a comparison of 3 display techniques that were compatible with PAS II equip
ment. The specific simulation approach to passing behavior employed here resulted in 
apparently consistent and realistic data and should be used in the future to determine 
the increase in driver efficiency with a PAS II-type system over a no-display condition. 
A study to quantify more thoroughly the role of information on driver passing behavior 
is recommended. 
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