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FOREWORD 
THE 10 papers contained in this RECORD describe the results of bridge research on a 
variety of projects ranging from cost optimization of girders to deck repairs. Included 
is analytical and experimental information of particular value in expanding the state of 
knowledge regarding properties and performance of structural materials and members 
under test conditions. Also included is information related to problems encountered 
during construction and operation. 

The advent of computer technology has provided the designer with the capability to 
optimize the cost of highway bridges. Busek, Gaunt, and Lewis describe programs 
that use the exhaustive-search technique to solve the design of composite or noncom
posite steel girders. The programs will optimize the design of either simple-span or 
continuous girders up to four spans based on either total weight or total cost. 

Fracture-mechanics concepts of stable crack growth are evaluated and judged by 
Hirt and Fisher to be a rational way to analyze and characterize the behavior of welded 
steel beams. Porosity caused by entrapped gas was found to be the most common de
fect in plain welded beams, and the initial crack size was concluded to be the controlling 
factor for determining fatigue life. A fracture-mechanics model for cracks originating 
from pores in the web-to-flange fillet weld is presented. 

Buth and Furr report on the testing to failure of two full-scale concrete bridge beams 
under torsional load. Experimental values of torsional stiffness of the beams com
pared favorably with predicted values computed by using elastic theory. A comparison 
between theoretical and experimental values using splitting tensile strength in the maxi
mum tensile-strength failure theory also yielded favorable results. 

The report by Sozen and Siess provides a valuable summary of work accomplished 
from 1951 to 1969 in the course of an extensive research project on the use of pre
stressed concrete for highway bridges. The project covered various topics related to 
flexural strength, shear strength, time-dependent deformations, anchorage-zone 
stresses, and bond characteristics of prestressed concrete beams. 

The results of experimental studies on creep and shrinkage behavior of concrete 
made with Hawaiian aggregates is the subject of the paper by Hamada, Zundelevich, 
and Chiu. Both lightweight and normal-weight concretes were studied and compared 
with data from published literature. Although creep coefficients of all concretes tested 
agreed with published data, ultimate shrinkage strains of Hawaiian aggregate concretes 
were larger. Concretes made with lightweight Hawaiian aggregates exhibited smaller 
ultimate shrinkage strains than did concretes made with normal-weight Hawaiian ag
gregates. 

When span-length longitudinal screeding is used in bridge deck construction, the 
finished grade elevations are set on the screeding edge of the machine and remain in
dependent of girder deflections during concrete placement. Consequently, any factors 
affecting girder deflections during deck placement, and thus the forming elevations, will 
in turn cause the deck thickness to deviate from the plan thickness. The study reported 
by Hilton identified several significant factors that contribute to the problem of obtaining 
desired deck thickness. 

The paper by Kozlov reports on research aimed at providing engineers with proce
dures for the design and construction of adequately sealed bridge joints. The author 
suggests that armored joints sealed with preformed elastomeric sealers are the most 
satisfactory solution to the problem. 

Motorists passing under structures are endangered by objects either thrown from 
above or from objects balanced on bridge railings that drop some time after vandals 
have deposited them. Harley provides data that concern the installation of protective 
fences on such structures. 

V 



Development of a corrosion detector by the staff of the California Division of High-
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tion, led the Federal Highway Administration to include a program to encourage use of 
the instrument as a project in the FHWA demonstration projects activity. Kliethermes 
presents suggested guidelines for determining whether or not a bridge deck is likely to 
deteriorate from corrosion and whether or not a bridge deck should be repaired or re
placed. Although the author's findings are still controversial, there seems little reason 
to doubt that the value of the instrument has been well demonstrated. 

Furr and Ingram confirm previous research and field practice by showing in labora
tory studies that concrete overlays can be bonded to concrete bridge decks without using 
special adhesives. 

vi 



PRACTICAL OPTIMIZATION OF 
STEEL HIGHWAY BRIDGE BEAMS 
R.H. Busek, N. H. Bettigole Company; and 
J. T. Gaunt and A. D. M. Lewis, Purdue University 

ABRIDGMENT 
•THE objective of highway bridge design is to specify the most economical structure 
for a given situation. The loads that the structure must be capable of supporting, re
quired clearances and other details, acceptable material stresses, and acceptable pro
portions are given in the AASHO specification (1). The engineer must select from 
available structural arrangements the arrangement that meets the design criteria and 
minimizes the function by which the cost of the structure is evaluated. 

By using hand methods of calculation, the consideration of only a few structural con
figurations has been practical in attempting to design economical structures. With 
digital computers, the number of structural configurations that can be investigated has 
been greatly increased, and the development of optimum designs has become practical. 

A computer program referred to as Girder Automated Design-I or GAD-I (4, 5) is 
available for the design of noncomposite welded plate girder bridges. There exists the 
possibility, particularly in the case of relatively short spans, that a more economical 
structure could be constructed by using rolled steel beams with cover plates, if re
quired, in composite or noncomposite construction. The computer program described 
in this paper was developed for designing such rolled-beam bridges for required static 
and fatigue highway loads. The fatigue conditions are based on 500,000 cycles of stress. 
If the design is composite, 7/s-in. diameter shear connector studs are provided at proper 
spacing. Only W36 and W33 sections are investigated by this program because shallower 
sections are not likely to prove economical for these bridges. 

The objective of the program is to produce the rolled-beam bridge design with mini
mum estimated cost. Wherever possible, cost estimation follows the pattern of GAD-I 
in order to facilitate comparison of costs of rolled-beam bridges with welded plate 
girder bridges. 

GIRDER ANALYSIS 

The program will handle either simple-span girders or continuous structures up to 
four spans. The analysis is carried out by calculating influence coefficients at a speci
fied number of analysis points, equally spaced in each span. Initially, a constant mo
ment of inertia throughout the length of the bridge is assumed. Loadings considered 
include AASHO truck and lane loadings, Interstate military load, pedestrian walkways 
if provided, and dead-load conditions. Dead loads include the weight of the steel beams, 
deck slab, bridge railings, and light fixtures. In the case of composite design, the dead 
loads are separated into two groups: one for the steel beam only and the other for the 
composite section. Influence coefficients are used for computing the shear and moment 
at each analysis point. 

ROLLED-SECTION DESIGN 

The shears and moments at the analysis points are used for determining the govern
ing shear and moment for the elements of the member between each pair of adjacent 
analysis points. Initially, stresses are computed for each element by using the heaviest 
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available rolled section. If the stresses do not violate the AASHO specification, the 
next lighter rolled section is tried. If the stresses violate the AASHO specification, 
an attempt is made to eliminate these violations by the addition of cover plates. 

In the addition of cover plates, requirements on extension beyond theoretical cutoff 
points and minimum cover-plate length requirements are considered. After cover-plate 
thicknesses required in different sections of the member have been determined, optimum 
locations for plate thickness changes are determined by dynamic programming using the 
procedures developed by Goble and DeSantis (3, 4, 5) and Razani (6, 7). 

After final locations of cover-plate splices - haveoeen determined;-details such as 
cover-plate welds, bearing stiffeners, and shear connectors for composite construction 
are designed. 

COMPUTER PROGRAM 

The computer program for the design of rolled-section beam bridges consists of a 
main program and 34 subroutines. The main program calls the subroutines in the cor
rect sequence for reading data, performing an initial analysis, and selecting the most 
economical section. 

Beam selection is started by checking the bending stress in the heaviest rolled sec
tion at the critical moment location and proceeds in descending weight order until the 
lightest acceptable rolled section without cover plates is determined. If the assumption 
is made that the cost of shear connectors and stiffeners is independent of the section 
used for beams without cover plates, all heavier sections can be eliminated from further 
consideration with a consequent reduction in computations. The design of this lightest 
acceptable section without cover plates is then completed, and the cost is estimated. 

Cover-plate requirements for the lighter rolled sections are then determined, and 
cost estimates are made to see if a more economical structure is possible than the best 
determined previously. When cover plates are added, the girder is reanalyzed to con
sider the changes in moment of inertia along the length of the girder. 

After the final design is obtained, deflections are calculated, and design details are 
printed along with the estimated cost. An option is available to design on the basis of 
either least cost or least weight. A complete listing of the program is available else
where ~)-

SAMPLE PROBLEM 

As an example of the application of the program, a structure for the problem orig
inally presented elsewhere (8) has been designed. The problem is a two-span girder 
with span lengths of 70 ft. The design is based on a composite section having the fol
lowing properties: (a) slab width, 84 in.; (b} slab thickness, 7 in; (c) f;, 3,000 psi; (d) 
modular ratio, 8; and (e) haunch, 1.875 in. The design loading is AASHO HS20. The 
unit costs used in design optimizations are as follows: (a) rolled section, $0.15 per lb; 
(b) cover plates, $0.12 per lb; (c) stiffeners, $0.12 per lb; (d) connector installation, 
$0. 75 each; (e) fixed weld cost, $20.00 each; and (f) weld material cost, $2.00 per cu in. 
The final design is shown in Figure 1. The costs and weights of the computer program 
solution and the solution given in the manual are compared in Table 1. The design 
produced by the computer will be noted to be approximately 6.4 percent heavier than 
the published design, but the estimated cost is 4.3 percent less. The total cost of the 
plates, including both material and fabrication costs, for the computer design is $238.48 
compared with a cost of $911.69 in the published solution. This cost difference offsets 
the increased cost of the rolled section. 

The computer program is approximately 4,000 cards in length and was developed and 
executed on a CDC 6500 computer. The compilation time for the program was about 
48 sec, and the execution time for the preceding sample problem was about 40 sec. 

CONCLUSIONS 

The computer program is another step in the automation of steel-beam bridge design. 
The previous sample problem shows that cost savings are possible by using the total-



Figure 1. Computer optimum design for sample problem. 
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cost concept in design. The digital com
puter makes possible the use of optimum
seeking methods in practical problems 
such as highway bridge design. However, 
many problems remain to be solved be
fore the optimization of an entire bridge 
design project will be possible. 

U.S. steel Manual 

Weight Cost 
Item (lb) ($) 

Rolled section 18,900.0 2,835.00 
Cover plates 2,361.6 283.40 
stiffeners 
Connectors 202.2 193.50 
Welds 628.29 

Total 21,463.8 3,940.19 

Computer Program 

Weight Cost 
(lb) ($) 

22,400.0 3,360.00 
360.1 31.22 

179.8 174.00 
207.26 
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FATIGUE BEHAVIOR OF WELDED BEAMS 
Manfred A. Hirt, Howard, Needles, Tammen and Bergendoff; and 
John W. Fisher, Lehigh University 

The fatigue behavior of welded steel beams is evaluated by using the 
fracture-mechanics concepts of stable crack growth. A fracture-mechanics 
model for cracks originating from the pores in the web-to-flange fillet weld 
is developed. Estimates of the stress-intensity factor are made that nu
merically describe the initial flaw condition. With the final crack size 
known, a theoretical crack-growth equation was derived from the fatigue 
test data of the welded beams. The derived relationship compares well 
with actual crack-growth measurements on a welded beam and available 
data from crack-growth specimens. The regime of crack growth, where 
most of the time is spent growing a fatigue crack in a structural element, 
is shown to correspond to growth rates below 10-s in. per cycle. Few ex
perimental crack-growth data are available at this level. It is concluded 
that the fracture-mechanics concepts can be used to analyze fatigue be
havior and to rationally evaluate the major variables that influence the fa
tigue life of welded beams. 

•THIS paper evaluates the fatigue behavior of welded steel beams without .attachments 
by using the fracture-mechanics concepts of stable crack growth. Earlier studies had 
indicated that various flaw conditions existed in welded beams. Both internal and ex
ternal weld defects in the web-to-flange fillet weld were evaluated and discussed in 
detail elsewhere (4, 9, 10). Internal pores caused by entrapped gas in the weldment 
are known to form - a common defect. The gas pores and their effect on the fatigue be
havior of welded beams are discussed in this paper. 

A fracture-mechanics model for cracks originating from the pores in the web-to
flange fillet weld is developed. Estimates of the stress-intensity factor are made that 
numerically describe the initial flaw condition. With the initial and final crack size 
known, a theoretical crack-growth equation was derived from the fatigue test data of the 
welded beams. The experimental data of 56 plain-welded beams covering three grades 
of steel-ASTM A36, A441, a~d A514-are presented elsewhere (4, 9)together with an 
analysis of the test variables. - -

Fracture toughness was not a significant factor in the determination of crack propa
gation and the fatigue life of the beams tested. Net-section yielding generally termi
nated fatigue testing. Hence, no emphasis was placed on this aspect of failure be
cause it was not relevant to the study. Fracture toughness can become a problem 
when steel with low toughness is used and adverse environmental and load conditions 
exist. These limitations were not the subject of this investigation. 

The main objective of this paper is to demonstrate the validity and applicability of 
fracture-mechanics concepts of fatigue crack growth to the fatigue behavior of actual 
structural elements containing real flaws. It is also shown that the ~K-values respon
sible for crack growth in these beams are well below the ~-values normally obtained 
during crack-growth testing. A theoretical crack-growth equation was derived from 
the fatigue life data of welded beams and compared with available crack-growth data. 
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The following notation is used in this paper: 

C = a material related constant in crack-growth equation; 
K = elastic stress-intensity factor for a crack (ksi '1/Iii":); 
N = number of applied stress cycles; 

N1J = number of cycles required for a crack to grow from size a1 to size aJ; 
S = nominal applied stress in the extreme fiber of the tension flange; 

S, = stress range; 

5 

a = crack size, crack radius for penny-shaped crack, half-crack width for tunnel 
crack or through-the-thickness crack, crack depth for surface crack, crack 
radius for corner crack, minor half axis for elliptical crack; 

a. = equivalent radius of a penny-shaped crack that provides the same K-factor 
estimated for the arbitrarily shaped crack; 

ar = final crack size; 
ai = initial crack size (for integration interval); 
aJ = final crack size (for integration interval); 
b = major half axis for an elliptical crack; 

f(a) = nondimensional geometry correction factor for stress-intensity factor K; 
n = exponent of crack-growth equation; slope of equation in log-log transformation; 
o: = (n/2) - (1 ); 

c.K = stress-intensity factor range; 
Ao = stress range relevant for the determination of the stress-intensity factor 

range; and 
o = stress applied sufficiently away from the crack tip . 

FATIGUE STRENGTH OF WELDED BEAMS WITH 
INTERNAL WELD DISCONTINUITIES 

It was observed that cracks in the welded beams always originated from a discon
tinuity (flaw) in the web-flange fillet weld unless a severe notch existed at the flame
cut flange tip. More than 180 cracks were found in the plain-welded beams reported 
on elsewhere (4, 9). Seventy-five of these cracks were cut open for fractographic 
examination. TI: was found that about 80 percent of the cracks had originated from 
porosity caused by the entrapment of gas. In general, these cavities were completely 
inside the weld. The gas pores appeared on the fracture surface as rounded cavities 
with a smooth and shiny surface as shown in Figure 1. A few pipe or blow holes ex
tended to the surface of the weld . 

All test data for beams failing from porosity in the longitudinal fillet weld are plotted 
by the solid circles shown in Figure 2. The equation of the mean line resulting from 
a least squares fit to these test data is 

log N = 10.3528 - 2.9844 log s. (1) 

Previous analyses (4, 9) had indicated that stress range was the dominant variable 
and that grade of steeCdid not significantly affect the fatigue strength. 

The open symbols shown in Figure 2 represent plain-welded beams that failed from 
defects other than porosity. This included beams failing from weld repairs, stop
start positions, other weld defects, and severe notches in the flame-cut flange tips. 
Generally, these beams yielded shorter lives than did beams failing from porosity. 

When weld repairs were absent in the fillet weld of beams with stiffeners or attach
ments, failure occurred at these welded details because they were more critical than 
was porosity. These beam data are also included because they revealed no visible 
crack growth in the longitudinal fillet weld at lower stress ranges. An indication of 
a run out level is seen at the 18-ksi stress-range level. Only three data points from 
plain-welded beams failing from porosity were observed at that stress range. 

CRACK-GROWTH OBSERVATION ON A PLAIN-WELDED BEAM 

One plain-welded beam was closely observed in order to investigate crack formation 
and growth on the surfaces of the fillet weld, web, and flange. Measurements of crack 
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length and load were made so that crack-growth rates couid be determined for th~ 
structural element and compared with the crack-growth relationship analytically de
rived from the S-N data of the welded beams. Beam PWB-341 (4) was selected for 
this study because it had failed prematurely after 192,000 cycles of stress from a 
flange-tip crack. Replicate beams tested at the same stress range of 36 ksi indicated 
that a crack from a gas pore could be expected to become visible within an additional 
200,000 cycles. The flange-tip crack was carefully repaired, and testing was resumed 
under the same stress conditions. The fillet welds on both sides of the web in the con
stant moment region were searched for cracks by using a regular hand magnifying 
glass while testing at 250 cycles per minute. Testing was interrupted periodically so 
that the weld could be examined under static load. Suspicious locations were further 
examined with a 50-power microscope. 

A hairline crack was first detected on the weld surface after a total of 351,700 
applied stress cycles. The apparent total crack size visible on the weld surface was 
found to measure about 0.05 in. when the load was removed from the beam. This in
creased to 0.25 in. under maximum stress of 50 ksi in the extreme fiber. Only the 
linear dimension of the crack on the fillet weld could be observed during continued test
ing until the crack reached the extreQJ.e fiber. 

After about 435,000 cycles, the crack was first detected on the bottom surface of the 
flange. It was only then observed with certainty that the crack had also penetrated 
through the other fillet weld. The increase in crack size was very rapid after the 
crack had penetrated the bottom flange surface. The cross section of the flange frac
tured at 467,000 cycles as one crack tip reached the flange tip. The advancement of 
the crack is shown in Figure 3, which indicates a transition from a penny-shaped 
crack with a continuous crack front in the flange-web junction to a three-ended crack 
with two crack tips in the flange and one in the web. 

Hence, two basic stages of growth were observed for cracks originating from pores 
in the longitudinal fillet weld of welded beams. The first stage of growth was in the 
flange-to-web junction from the initial crack size (flaw) up to the point where the crack 
reached the extreme fiber of the flange. After penetration of the extreme flange fiber, 
the crack changed its shape rapidly to become a three-ended crack. 

A PENNY -SHAPED CRACK MODEL 

Fractographic examination of small cracks that had originated from pores in the 
fillet weld showed that many were almost perfectly circular in shape. This circular 
shape was found at various stages of growth up to the point where the crack had reached 
the extreme fiber of the flange, as shown in Figures 4, 5, and 6. 

One of the smallest cracks was discovered during an examination of a crack in the 
fillet weld. A tiny crack about 0.07 in. in diameter had originated from a very small 
pore in the left weld as shown in Figure 4. The extent of the circular crack is seen 
from the smooth crack surface surrounding the pore, as compared to the rough 
appearance caused by static tearing when the cross section was opened for inspection. 
The small crack on the left was completely inside the flange-to-web junction and could 
not be detected by inspection of the weld surface. 

A small crack discovered by the magnetic particle inspection method is shown in 
Figure 5. The crack had initiated from the elongated pore and grown to the surface 
of the fillet weld. Almost no deviation from a circular shape is visible. This crack 
is about 0.26 in. in diameter and could not be detected on the weld surface with the 
aid of a magnifying glass even under favorable circumstances and under sustained 
loading. 

A crack that has nearly penetrated the extreme fiber of the tension flange is shown 
in Figure 6. Again, no significant disturbance of the circular shape is apparent at 
either side of the web or at the front approaching the surface of the flange. This crack, 
although quite sizable, is not easily detected on a structural element under applied 
loading. The linear dimension of the crack visible on the surface of the flange-to-web 
junction is somewhat less than 1 in. 

The phenomenon of a circular crack shape, seemingly not influenced by the free 
surfaces, is believed to be a result of the compatibility condition of the basically 



Figure 1. Examples of porosity from the root of the longitudinal fillet weld. 

(al Typical gas pore (x2 .5) (b) Pore elongated and perpendicular to the weld surface (x2.5) 

Figure 2. Comparison of welded beams failing from porosity in 
the fillet weld with beams failing from other defects. 
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~laslic cr·voo se~tivn. Based on this photographic evidence, a circuia1· disc-like 
crack was assumed to model the actual crack during growth inside the flange-web 
connection (Fig. 3). 

EVALUATION OF FATIGUE BEHAVIOR USING 
FRACTURE-MECHANICS CONCEPTS 

The fatigue test data and fractographic observations of small fatigue cracks sug
gested that fracture mechanics of stable crack growth might be useful in evaluating 
the observed behavior of the test beams. The stress intensity factor K introduced by 
Irwin (11) describes in convenient form the influence of the stress, applied sufficiently 
away from the crack tip, and the crack size, a. The relative size is usually expressed 
in terms of a correction function, f(a), where the linear dimensions of the plate, or the 
distance to a free edge or surface, are introduced. 

K = a'W f(a) (ksi'ffii:") (2) 

Paris (15) has suggested the following relation between the rate of crack propaga
tion and thechange in the stress-intensity factor: 

da/dN = c~ (3) 

This model expresses crack growth per cycle, da/dN, in terms of the variation of 
the stress intensity factor, .OK, and two material constants, C and n. 

For the case of a crack with constant correction factor, f(a), which is subjected to 
constant amplitude stress, integration of Eq. 3 yields 

(4) 

where a= (n/2) - (1). For specimens with equal initial crack size, a1 , final crack size, 
aJ> and identical boundary conditions, a theoretical value for the prediction of the life 
interval, Nu, can be expressed in terms of a new constant, C ', times the applied 
stress range, l:.a, as 

I -n 
N1j = C Aa 

where 

The log-log transformation of Eq. 5 yields a straight line in the form 

log N1 J = log c' - n log (Da) 

APPLICATION TO THE PLAIN-WELDED BEAM 

(5) 

(6) 

(7) 

For the application of the outlined concepts of fracture mechanics, a reasonable 
characterization of the flaws was needed. A large number of cracks that originated 
from porosity in the fillet weld were examined closely to establish the initial flaw 
condition. Flaws were photographed and enlarged to at least four times, as shown in 
Figure 1. The dimensions of the defects were measured on the photographs under 
10-power magnification. 

Pores were examined in beams fabricated from three different grades of steel 
(A 36, A 441, and A 514). K-values were estimated to numerically describe the mea
sured flaw dimensions. The estimated K-values describing the pores were obtained by 
using a circumscribed ellipse for flaws similar to the shapes shown in Figure la and 
Figure 6. For elongated flaws comparable to those shown in Figure lb and Figure 5, 
the K-estimate at the narrow transition from the circular void to the elongated pore 
was generally used. 

It was previously concluded from fractographic inspection of very small fatigue 
cracks (Figs. 4 and 5) that a penny-shaped crack model described the shape of cracks 
during crack growth. However, the estimated K-values for the initial flaws represent 
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elliptical shapes with various a-b ratios. Hence, each individual defect was trans
formed into a penny-shaped crack with an "equivalent crack-radius, a.," correspond
ing to the estimated K-value. An average equivalent crack radius, a. = 0.04 in., was 
selected from the sample to represent the collection of measured pores. The initial 
crack radius, a1 , was then assumed equal to this average value. 

Derivation of Crack-Growth Constants 

The coefficients of the crack-growth equation can now be established from the 
equivalence of the coefficients in Eqs. 1 and 7. Equation 7 is the theoretical prediction 
of the fatigue life using fracture-mechanics concepts, and Eq. 1 expresses the statistical 
mean line of the relevant fatigue test data shown by the solid circles in Figure 2. The 
following assumptions were made to assist with the evaluation of the crack-growth 
constants, C and n. 

1. The crack was assumed to be described by a disc-like penny-shaped crack with 
a constant correction factor, f(a), over the interval of integration. The correction 
factor, f(a), for a penny-shaped crack is 2/n. 

2. The estimates of the initial and final crack radii, a,. and al, were available 
from visual observations. The average initial crack radius, a1 , was assumed to equal 
the estimate of the equivalent crack radius, a. = 0.04 in., which represents the sample 
of measured pores. The final crack radius, ai was assumed to be reached when the 
crack had penetrated the extreme fiber of the flange. The life remaining after this 
occurred was at most 10 percent of the total fatigue life of the beam as was shown by 
the measurements given in Figure 3. The final crack radius was assumed to be equal 
to the nominal flange thickness. Experimental observations indicated this to be 
reasonable. 

3. It was assumed that all three grades of steel could be represented by the same 
crack-growth equation. This assumption was based on results of tests on the welded 
beams. It was shown elsewhere (4) that grade of steel did not significantly influence 
the fatigue life of the beams. -

If we equate the values of the coefficients for the mean regression curve (Eq. 1) to 
the coefficients n and c' (Eq. 7) and substitute the crack radii, a1 and aJ, and the. 
correction factor, f(a), into Eq. 6, the growth constants, n =!! 3 and C = 2.05 x 10- 10

, are 
derived. Substitution of these constants into Eq. 3 numerically describes the crack 
growth rate in terms of ~K: 

/ -10 3 
da1dN = 2.05 x 10 ~K (8) 

The measurement used for crack-growth rates, da/dN, was inch/cycle; and for the 
stress-intensity factor range, ~K, it was ksi 'I/In. 

COMPARISON OF DERIVED CRACK-GROWTH EQUATION 
WITH MEASURED CRACK-GROWTH RATES 

Equation 8 as derived from the mean regression curve of fatigue test data (Fig. 2) 
is shown in Figure 7 and compared with the various stages of crack growth in the test 
beam shown in Figure 3. The straight-line estimate for crack growth as a penny
shaped crack from crack initiation until penetration of the extreme fiber is indicated. 
Also shown are the data points for the measured crack-growth rates on the inside and 
outside surface of the flange for growth as a three-ended crack. 

It is apparent from Figures 7 and 3 that most of the life is spent growing the crack 
from its initial equivalent flaw radius, a. = 0.04 in., to its penetration of the extreme 
fiber of the flange, at = 0.375 in. The corresponding range of ~ for the test beam 
was between 8 ksi 'I/In. and 2 5 ksi 'I/In. under a constant amplitude stress range of 36 
ksi while 435,000 cycles elapsed. The transition from a penny-shaped crack to a 
three-ended crack only required about 16,000 cycles. An additional 10,000 cycles 
were required to grow the crack large enough to cause net-section yielding. Final 
failure terminated testing at 467,000 cycles. 

It is also apparent from Figure 7 that most of the life was spent while growth 
occurred in a region of small AK. This is particularly true for lower applied stress 
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Figure 4. Two small fatigue cracks that initiated from pores in the longitudinal fillet weld and grew perpendicular 
to the axis of the weld (~x5.5). 

Figure 5. Small crack with penetration to the fillet 
weld surface (~x6.3). 

Figure 7. Stages of crack growth and 
corresponding growth rates for a crack in ~ 
a plain-welded beam. :: 
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ranges as shown in Figure 8. The ~K-regions applicable to growth as a penny-shaped 
crack are indicated for the tes t beams subjected to the stress r anges used in this study . 
Crack initiati on took place at Llli: - value s below 10 ksi -J1.n. in all test beams. Most of 
the life was spent at growth rates smaller than 10-6 in. per cycle . 

The derived crack-growth relationship given by Eq. 8 is also compared with data 
from crack-growth specimens (Fig. 8). It was necessary to extrapolate the curve into 
the higher growth-rate region to compare it with available growth-rate data. The ex
trapolated curve falls within the scatterband reported by Crooker and Lange (3). This 
scatter band contains data from tests on carbon and low-alloy steels with yield strengths 
comparable to the yield strengths of the steel beams. A conservative upper bound for 
growth rates on ferrite-pearlite steels was proposed by Barsom (]) as 

I 6 
-10 3 

da dN = 3. x 10 AK (9) 

This relationship is parallel to Eq. 8. 
Because much of the growth in the plain-welded beams took place in the weld metal 

and heat-affected zone, a comparison of the theoretical curve with Maddox's data (13) 
is relevant. An approximate envelope for Maddox's data on four different weld metals 
is shown. Three had about equal yield strength (67 ksi), and the fourth had a higher 
yield point equal to 90 ksi. Also included in the scatterband are test data for a simu
lated heat-affected zone in mild steel material with the same yield strength. The 
correlation with these crack-growth data is good. 

It is apparent from Figure 8 that the Crooker-Lange scatterband does not cover the 
critical region of interest for plain-welded beams . Most studies of crack-growth rates 
have been limited to larger ~-values and higher crack-growth rates because of the 
difficulties encountered in the slow-growth region. However, the theoretical curve 
(Eq. 8) extrapolated into the higher ~-regions shows the same general trend reported 
by others on basic crack-growth specimens (Fig. 8). The theoretical curve is just 
above the crack-growth data and underestimates their growth rate. This is surprising 
because the penny-shaped crack assumes the best condition for the crack in the welded 
beams and neglects the influence of free surfaces. This underestimate in growth rate 
may be due to crack initiation or an overestimate of the stress intensity. 

The exponent, n, of the predicted crack-growth equation was about equal to 3.00 
(Eq. 8). It represents the slope of the fatigue test data on plain-welded beams fabricated 
from three grades of steel. Crooker and Lange (3) observed from a review of the 
literature that the value of the slope, n, fell betwe en 2 and 4 for a large range of steels . 
Gurney (6) reported the slope of the curve to be a linear function of yield stress of the 
material-:- A general trend observed in crack-growth studies is for the value of the 
exponent, n, to decrease with increasing yield strength of the material. This trend was 
not as pronounced in the welded-beam study. The value of the exponent, n, did not 
appear to vary greatly from 3. 

Careful evaluation of the coefficients n and C is needed for a wider range of rates of 
growth . Most of the data generally used to fit the straight-line approximation only 
extend over a small range of ~K. In other cases, data points at the extremes cause 
rotation of the line. Substantial overestimates or underestimates of the fatigue life of 
a structural component might result if crack-growth relationships are used to extrap
olate beyond the range of the test data. 

Very Slow Growth 

Johnson and Paris (12) have suggested that a threshold exists for crack growth. A 
recent investigation byParis (16) on ASTM 9310 steel has provided more information 
on this phenomenon of very slow growth. An approximate mean line fit to Paris' data 
is compared in Figure 9 and Eq. 8. A drastically reduced growth rate for ~K ="' 5.2 
ksi -J1.n. is observed. Deviations from the straight-line approximation are also found 
for large ~-values, which indicates an increased growth rate and applies mainly to 
low-cylce fatigue problems. 

Harrison (7) has reviewed the literature for runout data on a variety of specimens. 
He concluded t hat "for all materials with the exception of pure aluminum, cracks will 
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not propagate if AK/E < 1 x 10-
4 fu." Harrison's runout levels for four types of steel 

are also shown in Figure !:land range between 3.3 ksi 'Vin. for mild steel and 5.3 ksi'l/in. 
for austenitic steel. 

Predictions of Fatigue Life Using Different Crack Models 

Additional crack models were used to assess their influence on the prediction of 
the fatigue life. Figure 10 shows the results for the various models used. Six A441 
steel beams were selected for the comparison. The actually observed fatigue lives of 
these six beams are shown by solid circles together with the mean and the 95 percent 
confidence interval for all test beams failing from porosity. 

The defects that caused crack growth and failure of the six beams were examined. 
They were assumed to be characterized by a circumscribed ellipse with half-axes a 
and b. The following models were used to estimate the fatigue life of each individual 
beam by using the known dimensions of the circumscribed ellipse and the crack-growth 
Eq. 8. 

The open circles shown in Figure 10 (model a) correspond to the life estimates for 
the penny-shaped crack with equivalent crack radius. The equivalent crack radius was 
computed from the equivalence of the K-value with the circumscribed elliptical crack. 

Penny-shaped cracks were assumed to inscribe and circumscribe the ellipse. The 
shortest life estimates resulted from the circumscribed crack and the longest from the 
inscribed crack. These two estimates constitute "upper and lower bounds" and are 
indicated by the horizontal T-symbols shown in Figure 10 (model b). 

Additional life estimates were made based on the elliptical crack model. Growth 
was assumed in the direction of the minor axis 2a with constant major axis 2b until the 
size of the circumscribed crack was reached. The computation of the increment of 
life from an elliptical to a circular crack was done by using an available computer 
program ( 5). Numerical integration was employed because of the variable correction 
factor, f(aT This increment of life was added to the estimate for the circumscribed 
penny-shaped crack. The total life estimate is indicated by the triangles shown in 
Figure 10. 

The comparison between the estimates for each individual beam provided by the 
different models and the observed fatigue life permit the following observations. 

1. The observed fatigue data were contained within the bounds from the estimates 
of the circumscribed and inscribed circles in all but one case. 

2. Most of the estimates from models a and c fell within the two limits of dispersion 
representing the 95 percent confidence interval of all the beam test data. Hence, the 
selection of a penny-shaped crack model did not introduce more scatter than was ex
perimentally observed from fatigue test data. 

Prediction of Fatigue Life Using Measured Crack-Growth Rates 

Maddox (14) and Harrison (8) have demonstrated that good predictions of the fatigue 
life can be obtained from crack-growth data. Barsom 's (1) conservative estimate of 
crack-growth rate, Eq. 9, for ferrite-pearlite steels was -used to predict the fatigue life 
of the beams failing from porosity. The result is shown in Figure 11 together with the 
applicable welded beam test data, the corresponding mean line, and 95 percent confidence 
interval. 

Also shown in Figure 11 is the prediction based on Paris' data (16), which indicates 
a threshold level for runout at about 23 ksi. This prediction was obtained by using the 
straight-line segments shown in Figure 9, which approximate the data from the study 
on very slow growth. The threshold values by Harrison (7), also shown in Figure 9, 
were used to estimate runout. Runout tests are predicted-to occur at levels as high 
as 20 ksi for low-alloy steel, as shown by the horizontal lines in Figure 11. 

The predictions based on the crack-growth data underestimate the mean fatigue 
life of the test beams at the higher stress range levels. This was expected from the 
comparison of the crack-growth data. Because any assumption other than the penny
shaped crack model for the welded beams would further reduce the life prediction based 
on crack-growth data, a crack-initiation period may be responsible for the slight 



Figure 8. Ranges for crack growth as ~ 
a penny-shaped crack. ] 

Figure 9. Approximate mean line of 
Paris' data for very slow growth and 
Harrision's limiting Li.K-values for 
nonpropagating cracks. 

>< 
<J 

:i 100 
z .. 
a: 50 
a: 
0 
>-u 
~ 
>-
t: 
(/) 

z 
UJ 
>
:;:: 
(/) 
(/) 
UJ 

"' >-
(/) 

~ 
:: 
~ 
<l 100 

~ 50 z .. 
er 
a: 
0 
>u 
<I ... 
>
>
iii z 
UJ 
>-
;;;; 
(/) 
(/) 
w 

,o 

r 10-• 

10-• 10- 7 10-6 10·5 

CRACK-GROWTH RATE, do/dN, in /cycle 

Vo,y Slow Growlh 
I Ref . 16) 

_ ... 
... - --

Non - Propagating Cracks 
IRel 7) 

Aus.tenilic Steel 

'- - Low Alloy Steel 
---------- ~ Ni:Cr Steel 

to·6, Mild Steel 

~ 
Cf) 'L10---, - ---'--,.Lo--:-.----'---',o--:-, ___ _.__~,o~--=.---~--:-1-=o~-.:--

Figure 10. Prediction of fatigue life 
using crack models. 
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underestimate. Other factors that could be responsible for the underestimate in life 
are an overestimate of the initial crack size, an overestimate of the stress intensity, 
and a slower growth rate under plane-strain conditions (2). 

The scatter in the test data shown in Figure 11 was previously related to the varia
tion in shape, size, and severity of the porosity. Other factors contribute to the varia
tion in test data. Beams with seemingly equal defects still experience variation in the 
fatigue strength because of variation in the crack-tip radius, crack-growth rates, and 
other uncontrolled variables. 

SUMMARY AND CONCLUSIONS 

The following findings of this study are based on a detailed examination of the test 
data, fracture surfaces, initial flaw conditions provided by the experimental work, and 
the theoretical studies of stable crack growth. 

1. Fractographic examination of the initial flaw conditions revealed porosity to be 
the most common defect in plain-welded beams. The distribution of the size and loca
tion of the pores in the longitudinal fillet weld was random. The welded-beam fatigue 
data fell within a narrow scatterband when plotted as the logarithmic transformation of 
stress range and cycles to failure. 

2. Fracture-mechanics concepts provided a rational way to analyze and characterize 
the behavior of welded beams. These concepts were applied to describe numerically 
the effective initial flaw conditions in welded beams and to derive a crack-growth rate 
versus range of stress-intensity relationship from welded-beam fatigue data. 

3. A penny-shaped crack was found to model crack growth from porosity in welded 
beams. An equivalent crack with a 0.04-in. radius described the average pores 
observed in the welded beams. 

4. The derived crack-growth equation exhibited the same trend as measured data 
from crack-growth specimens. It provided a lower estimate of the growth rate. 
Among other factors, this difference was attributed to crack initiation, a possible 
overestimate of the stress intensity, and slower growth in the plane-strain condition 
for the welded beams. 
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rates. Extrapolation into regions outside the data could be misleading, particularly 
when used for fatigue-life estimates. 

6. Very little information is available for growth rates below 10-6 in. per cycle. 
This was found to be the region most critical for the fatigue behavior of welded and 
rolled beams. More than 75 percent of the life was spent in this region growing a 
crack from its initial size to a visible crack. 

7. It was shown that the initial flaw size was the controlling factor for the fatigue 
life of welded beams. An increase in flange thickness and larger weld sizes should 
not result in an increase in allowable defect size. 

8. The variation of the fatigue data within the scatterband was found to be related 
in part to the variation in the initial flaw condition and in part to the variation in fatigue 
crack-growth rates or other uncontrolled variables. 
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FULL-SCALE TORSION TESTS OF 
PRESTRESSED CONCRETE I-BEAMS 
Eugene Buth and Howard L. Furr, Texas Transportation Institute, 

Texas A&M University 

•IN modern concrete highway bridges, torsional loadings are created in a variety of 
loading situations both during construction and during the service life of the structure. 
Overhanging deck forms cantilevered from edge beams are a primary source of tor
sional loading during construction of a prestressed beam, cast-in-place deck structure. 
Torsional loads occur, under traffic, in beams in skewed and curved structures and in 
other more liberal designs. These requirements have emphasized the need for a better 
understanding of practical methods for analyzing torsional stresses in prestressed 
concrete beams. A simple method of analysis and a reliable failure or strength cri
terion, verified by experimental data, is urgently needed. 

Research on torsion of pres tressed beams has been r epor ted by Hsu (1), Zia (2), and 
Wyss and Mattock (3). Several methods of analysis and failure theories have been 
proposed in this work. Hsu indicated that, although the maximum tensile stress theory 
of failure did not accurately predict the torsional strength of concrete beams, the effect 
of prestressing derived from this theory appeared to be valid. Zia concluded that elastic 
torsion theory is applicable to prestressed concrete members but that neither Rankine's, 
nor Coulomb's, nor Cowan' s failure theory satisfactorily agreed with test results. He 
showed that a modification to Cowan's theory, an approximation to Mohr's failure theory, 
closely predicted the torsional strength of concrete members, within the range of vari
ables encountered in practice. Wyss and Mattock, in their study of prestressed con
crete I-beams subjected to combined torsional and flexural loadings, concluded that 
these quant iiies may be reasonab1y and accurately aeterminea 1:>y using elastic theory. 

This paper reports torsion tests that were conducted on two full-scale Texas Highway 
Department (THD) Type B prestressed highway bridge beams to provide experimental 
data on this subject. The tests were conducted at the THD facilities in Austin, Texas. 

The following notation is used in this paper. 

T 
K 
¢ 

6 
!::;., /::;.2 ••• 

G 
0 

at 
T 

f; 
e 
L 
( 

C 

externally applied torque, ft-lb 
torsional stiffness constant in classical elastic theory, in.4 

stress function 
grid spacing, in. 
first, second, ... forward differences 
shear modulus of elasticity, psi 
angle of twist, rad/ in. 
principal tensile stress, psi 
shearing stress, psi 
compressive strength of concrete, psi 
eccentricity of prestressing strands, in. 
length of beam 
strain, µin. / in. 
constant = KT / T 

THEORETICAL INVESTIGATION 

Elastic theory (4) for a homogeneous member of uniform cross section subjected to 
pure torsion was us ed to calculate the theoretical stresses developed in the beams by 
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the applied torque. This technique is the same as that applied by Tamberg (5) in his 
study of AASHO girders. The governing differential equation for the elastic torsional 
theory is 

where 

¢ = stress function; 
G = shear modulus of elasticity, psi; and 
9 = angle of twist, rad/ in. 

(1) 

In the application of this theory, the cross section of the beam is divided into a 2-in. 
square grid. The grid is symmetric with respect to the vertical axis of symmetry of 
the section. The differential equation written in finite difference form for an interior 
point is 

(2) 

For points near the boundary where the grid pattern is not complete, the finite difference 
equation is modified. The finite difference equation, when written for each point in the 
grid, will result in a system of equations that c.an be solved simultaneously to yield 
values of ¢ for each point in the grid. 

The shear stress attributable to the "applied torque only" can then be determined by 
the following relationship: 

Tx = 0¢/oY or Ty= 0¢/ox (3) 

The first partial derivative is evaluated by using the forward differences method. 
The equation is 

T= 1/62 [(A¢ - 1/2A2¢) + (1/3A3¢) - (1/4A4¢) + ... )] (4) 

t:., t:.2, ••• = the first, second, etc., forward difference. Values of¢ for the cross 
section of a THD Type B beam are given in Table 1. Values of shear stress, in terms 
of GS, at various points on the boundary of the cross section are shown in Figure 1. 

The relationship between applied torque and angle of twist per unit length is given by 

T = KG9 

where 

T = applied torque, ft-lb; 
K = torsional stiffness constant, in.4; 
G = shear modulus of elasticity, psi; and 
e = angle of twist, rad/ in. 

EXPERIMENT AL INVESTIGATION 

Specimens, Instrumentation, and Loading Frame 

(5) 

Two standard THD Type B pretensioned, prestressed, draped strand beams, nomi
nally 50 ft long were tested. Those beams, fabricated 27 months earlier for other pur
poses, were designed to THD specifications for normal bridge use and were not specif
ically designed for torsional tests. Dimensions and details of the beams are shown in 
Figures 2 and 3. One beam was made of lightweight concrete, lightweight coarse aggre
gate, and natural sand; the other was made of normal-weight concrete. Additional in
formation about these specimens can be found elsewhere @_). 



Table 1. Values oft/> at various 
grid points in a THD Type B 
prestressed concrete beam. 

Grid 
Point 

1· 
2 
3 
4 
5 
6 
7 
8 
9 

10 
11 
12 

Value 
of¢ 

4.55G9' 
9.99 

13.19 
14.96 
15.54 

5.96 
14.24 
19.79 
23.11 
24.23 

4.20 
13.23 

Grid Value 
Point of IP 

13 20.62G8 
14 25.47 
15 27 .16 
16 5.87 
17 16.00 
18 22.99 
19 25.46 
20 6.50 
21 17.03 
22 20.70 
23 9.92 
24 15.27 

Grid Value Grid Value 
Point of IP Point of¢ 

25 7.77G8 37 8.53G8 
26 12.55 38 13.09 
27 7.03 39 6.13 
28 11.39 40 13.00 
29 6.78 41 15.63 
30 10.95 42 8.61 
31 6.73 43 13.70 
32 10.87 44 15.44 
33 6.84 45 6.59 
34 11.06 46 9.76 
35 7.26 47 10.74 
36 11.66 

•see Figure 1 for grid point locations. Values of¢ are symmetric about the vertical centerline of the 
cross section. 

"Multiply each value of ,P by GB. 
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Figure 2. THD Type B prestressed concrete bridge beam. 
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An existing testing frame, which was designed and constructed by THD for structural 
testing of prestressed bridge beams, was used to apply the load to the beams. This 
facility, with a failed beam installed, is shown in Figure 4. No extensive provisions 
were made to allow for changes in the length of the beam. However, longitudinal mo
tion was restrained only by friction of the hinge pin. Load was applied to both ends of 
the beam with hydraulic jacks, and bourdon gauges were used to determine the amount 
of load. 

Rotational displacements of each end of the beam were determined by using a precise 
level and two scales hanging from crossbars attached to each end of the beam. This 
setup is shown in Figure 5. 

Electrical resistance rectangular strain-gauge rosettes were installed on the sur
face of each beam at the locations shown in Figure 6. The gauges had 120 ohms of resis
tance and were 2.362 in. long. The gauges were installed while the beam was simply 
supported in the testing frame; no external load was applied. The strains due to dead 
load and prestress already existed when the gauges were installed and balanced; there
fore, the strains measured by the gauges were those due to the applied torque only. The 
orientation of the gauges was such that the three arms made angles of O, 45, and 90 deg 
with the longitudinal axis of the beam. Manual switching and balancing units and servo
controlled digital readout equipment were used to read the gauges. 

Torque increments of 5.88 ft-kips (1,000 psi on the bourdon gauges) were applied to 
the beam. After each load increment, the rotational displacement of each end of the 
beam and the strain at each gauge location were determined. 

Normal-Weight Beam Test 

The first sign of distress in this beam was noted at the support on the south end 
when, at a torque of 35.2 ft-kips, a small piece of concrete was sheared out of the beam. 
A diagonal crack then appeared in the web extending to the top flange adjacent to this 
support. Examination of this specimen showed that this was a local condition caused 
by high pressure of the twisting frame against the beam and not a condition caused by 
or influencing the torsional strength of the beam. Once the cracking and the redistri
bution of stress at the point of loading occurred, there was no further distress. 

At a torque of 41.2 ft-kips, a 2-in. long diagonal crack was observed at about mid
depth of the web 15 ft from the north end of the beam on the east side. The crack did 
not grow with added torque, and it is believed that the crack was caused by a small 
local imperfection. It did not appear to influence the strength of the beam. The first 
extensive diagonal crack caused by the torsional load was observed when the applied 
torque was 88.8 ft-kips. This crack extended from the bottom flange diagonally through 
the web and upper flange on the west side of the beam near the south end. 

The crack that resulted in failure occurred at an applied torque of 91.2 ft-kips and 
passed through the hold-down point of the prestressing steel on the north end of the beam. 
The crack was initially observed to extend from a point where the bottom flange joins 
the web diagonally to the top of the beam. The crack projected across the top flange 
and diagonally down the other side of the beam forming a helical shape. The two ends 
of the helix were connected by a longitudinal crack in the bottom flange. The crack 
pattern developed in this beam is shown in Figure 7, and the failure crack is shown in 
Figure 8. 

Lightweight Beam Test 

The same type of local cracking occurred early in the test at the loading frame on the 
south end as it did with the normal-weight beam. At a torque of 41.2 ft-kips, a diagonal 
crack occurred adjacent to the support at the south end, but neither of these cracks 
grew any further as loading continued. At 82.3 ft-kips, diagonal cracking began to occur 
in the top flange and web. These cracks developed at several locations along the length 
of the beam while the torque was being held at 82.3 ft-kips. The crack pattern developed 
in this beam is shown in Figure 9, and the failure crack is shown in Figure 10. 
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Figure 4. Testing frame with failed specimen. 
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Figure 6. Cross section of THD beam showing 
dimensions and locations of strain-gauge rosettes. 
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Figure 7. Cracking pattern in normal-weight beam. 
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Figure 8. Failure crack in normal-weight beam. 

Figure 9. Cracking pattern in lightweight beam. 
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Experimental strains 

The strains measured by the arms of the strain gauge rosettes at 45-deg angles to 
the longitudinal axis of the beam were the principal strains due to the applied torque. 
This fact was verified experimentally by the nil strains measured in the longitudinal 
and transverse directions. The magnitudes of these strains (in µin./in.) at l evels of 
torque of 76.8, 82.4, 88.8, and 91.2 ft-kips for the normal-weight beam are shown in 
Figure 11 and at levels of torque of 64.8, 70.4, 76.8, and 82.4 ft-kips for the lightweight 
beam shown in Figure 12. 

COMPARISON OF THEORETICAL WITH EXPERIMENTAL RESULTS 

The relations between the torque and the angle of twist for the two beams are shown 
in Figures 13 and 14. In each figure a line has been drawn through the portion of the 
curve most nearly approximating a straight line. This line is assumed to be the slope 
of the torque-rotation relationship. By using these data with K = 7,600 in.4 in the ex
pression T = KGe or (1/K)(T/ e) = G, one finds G to be 2.30 x 106 and 1.65 x 106 psi for 
the normal-weight and lightweight beams respectively. This compares with correspond
ing values of 2 .44 x 106 and 1. 56 x 106 psi as determined by ASTM C 215 for the two 
beams. 

If the stresses due to the applied torque are combined with those due to prestress 
and dead load, the resulting principal stresses (neglecting stress concentrations at the 
reentrant corners) are greatest in the middle of the face of the top flange at points 5 ft 
on either side of midspan of the beam. The expressions relating maximum tensile 
stress to applied torque are 

68. 5 + ✓4, 700 + 127 .3 T2 (6) 

and 

O't = 116.6 + ✓13,600 + 127.3 T 2 (7) 

for the normal-weight and lightweight beams respectively. If the tensile strength of 
the concrete is taken as O.lf~, the resulting torques necessary to cause cracking of the 
concrete are 53.5 ft-kips for the normal-weight beam and 54.2 ft-kips for the lightweight 
beam. 

Two standard 6 by 12 cylinders were available for each of the beams. Splitting 
tensile tests were conducted on these cylinders in the Texas Transportation Institute 
laboratory. The splitting tensile strengths were 540 psi for the lightweight concrete and 
560 psi for the normal-weight concrete. If these values are used in the preceding ex
pressions, the torques necessary to cause cracking are 36.1 ft-kips for the lightweight 
beam and 44.1 ft-kips for the normal-weight beam. For the normal-weight beam, the 
first observed extensive diagonal crack occurred at a torque of 88. 5 ft-kips. However, 
the shape of the torque rotation curve indicates that some unobserved cracking may 
have occurred at a torque as low as 76. 5 ft-kips. The torque-rotation curve for the 
lightweight beam indicates that unobserved cracking may have occurred at 65.0 ft-kips 
and some as low as 47 .0 ft-kips. 

Computations were made for selected points on the two beams at selected values of 
applied torque for comparisons between theoretical and experimental shear stresses. 
The experimental values were calculated by using the expression r.,p = 2Gr, and the 
theoretical values were determined by using the relationships shown in Figure 1, with 
Ge replaced by T/ K. These values are compared in Tables 2 and 3. 

Stress Concentrations 

The torsional shear stress is increased in magnitude at reentrant corners of a cross 
section. The amount of stress concentration is dependent on the angle of the corner 
and the radius that exists between the two adjoining faces. Calculations were made to 
determine the shear stress at the reentrant corners between the top flange and the web 



24 

Figure 11. Strains for normal-weight beam. 
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Figure 12. Strains for lightweight concrete beam. 
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Figure 13. Torque-rotation relation for normal-weight beam. 
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Table 2. Theoretical and experimental torsional Table 3. Theoretical and experimental torsional 
stresses for lightweight beam. stresses for normal-weight beam. 

Applied Applied 
Torque CT T'tb11ory Torque CT T'tbeor:, 

(ft-kips) Point• Tup = 2GE'b T'th11ory =K T,,. (ft-kips) Point T'up = 2GE"li, 'T'th111or1=y 
'Texp 

64.8 A40 680 730 1.17 76.8 A40 703 866 1.23 
E40 846 988 1.17 E40 971 1,172 1.21 

70.4 A40 755 793 1.05 82.4 A40 693 928 1.34 
E40 945 1,070 1.13 E40 1,093 1,258 1.15 

76.8 A40 802 865 1.08 88.8 A40 771 1,001 1.30 
E40 1,064 1,170 1.10 E40 1,269 1,355 1.07 

82.4 A40 846 928 1.10 91.2 A40 537 1,028 1.91 
E40 1,220 1,253 1.03 E40 948 1,392 1.47 

64.8 A25 499 730 1.46 76.8 A25 703 866 1.23 
E25 973 988 1.02 E25 786 1,172 1.49 

70.4 A25 521 793 1.52 82.4 A25 849 928 1.09 
E25 1,151 1,070 0.93 E25 888 1,258 1.42 

76.8 A25 546 865 1. 58 88.8 A25 1,069 1,001 0.94 
E25 1,326 1,170 0.88 E25 947 1,355 1.43 

82.4 A25 568 928 1.63 91.2 A25 1,108 1,028 0.93 
E25 1,622 1,253 0.77 E25 737 1,392 1.89 

64.8 AlO 537 730 1.36 76.8 AlO 595 866 1.46 
ElO 839 988 1.18 ElO 849 1,172 1.38 

70.4 AlO 593 793 1.34 82.4 AlO 595 928 1.60 
ElO 911 1,070 1.17 ElO 927 1,258 1.36 

76.8 AlO 655 865 1.32 88.8 AlO 439 1,001 2.28 
ElO 1,042 1,170 1.12 ElO 971 1,355 1.40 

82.4 AlO 635 928 1.46 91.2 AlO 356 1,028 2.89 
ElO 1,220 1,253 1.03 ElO 766 1,392 1.82 

8Points A are on centerline of face of top flange; points E are on the 
8G = 2.44 X 106 psi , 

centerline of bottom flange Numerical suffix indicates distance from 
end of beams. 

0G = 1.56 x 106 psi. 

Figure 15. Comparison of stress at reentrant corner with stresses in top flange. 
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and between the bottom flange and the web of the beams. The values of these shear 
stresses are 11.80 G0 and 10.90 G0for the reentrant corners at the top and bottom 
flanges respectively. For the top-flange reentrant corners at points 5 ft from either 
side of midspan of the beam, the expressions for principal tensile stress are 

C7t = -134+ ✓17,950+ (11.80 G0) 2 (8) 

and 

C7t = -165 + ✓27,200 + (11.80 G0) 2 (9) 

for the lightweight and normal-weight beams respecitvely. Equations 6 and 9 are com
pared in Figure 15a, and Eqs. 7 and 8 are compared in Figure 15b. From these fig
ures, it is seen that the location of the point 011 the beam where the maximum tensile 
stress occurs is dependent on the relative magnitude of the applied torque and the bend
ing stresses. The stresses at the reentrant corner do not exceed those in the top flange 
for low-value torques. For values of torque near the failure torque, the concentrated 
stresses at the reentrant corner significantly exceed those in the top flange. It should 
be remembered that the stress concentrations are confined to a very small area and 
that significantly lower stresses exist on either side of the corner. Localized plastic 
yielding could account for the fact that pronounced early failure did not occur at the 
reentrant corner in the tests. 

CONCLUSION 

On the basis of the two tests and the analysis conducted in this study, the following 
observations and conclusions are indicated. 

1. When subjected to a torsional load, the prestressed concrete beams failed in 
tension along a diagonal line that made an angle of approximately 40 deg on the sides 
and 50 deg on the top flange. The ends of this crack were connected by a line on the 
bottom flange running longitudinally with the axis of the beam. 

2. The effective values of shearing modulus, G, of 2.30 and 1.65 x 106 psi found in 
the full-scale torsion tests compare well with values of 2.44 and 1.56 x 106 psi deter
mined by ASTM C 215 for the normal-weight and lightweight beams respectively. Thus, 
the procedure followed in the theoretical calculations along with the concrete properties 
used in these calculations results in torsional stiffness values that compare well with 
experimental values. 

3. Theoretically derived torsional capacity using 0.lf~ as the ultimate tensile strength 
was about 60 percent of the experimental torsional capacity, which is on the conserva
tive side. If strengths obtained from split cyclinder tests are used as the ultimate 
strength, the theoretical torsional capacity is about 50 percent of the experimental 
torsional capacity. 

REFERENCES 

1. Hsu, T. T. C. Torsion of structural Concrete-Uniformly Prestressed Rectangular 
Members Without Web Reinforcement. Jour. Prestressed Concrete Institute, April 
1968. 

2. Zia, P. Torsional Strength of Prestressed Concrete Members. Jour. of the 
American Concrete Institute, Vol. 57, April 1961. 

3. Wyss, A. N., and Mattock, A. H. A study of I-Section Prestressed Concrete Girders 
Subject to Torsion, Shear and Bending. Dept. of Civil Engineering, University of 
Washington, Seattle, Final Rept. on Research Project Y -1180, June 1971. 

4. Timoshenko, S., and Goodier, J. N. Theory of Elasticity, 2nd Ed. McGraw-Hill, 
New York, 1951. 

5. Tamberg, K. G. Elastic Torsional stiffness of Prestressed Concrete AASHO Girders. 
Jour. of the American Concrete Institute, Vol. 62, No. 4, April 1965. 



28 

6. Furr, H. L., Sinno, R., and Ingram, L. L. Prestress Loss and Creep Camber in 
Highway Bridge With Reinforced Concrete-SlalfolCPretensloned Prestressed Con
crete Beams. Texas Transportation Institute, Texas A&M University, Res. Rept. 
69-3 (Final), October 1968. 



INVESTIGATION OF PRESTRESSED 
REINFORCED CONCRETE FOR HIGHWAY BRIDGES 
M. A. Sozen and C. P. Siess, University of Illinois 

This report provides a guide to the work accomplished in the course of an 
extensive research project on the use of prestressed concrete for highway 
bridges. The project was active over the period 1951-1969. It covered 
various topics related to flexural strength, shear strength, time-dependent 
deformations, anchorage-zone stresses, and bond characteristics of pre
stressed concrete beams. The scope of the analytical and experimental 
investigations in each area is outlined. The report also contains a list of 
references where complete information on different phases of the investi
gation can be found. 

•IN October 1950 , George F. Burch, then Bridge Engineer for the Illinois Division of 
Highways, requested the University of Illinois Civil Engineering Department to submit 
a proposal for research that might help to answer certain questions about the use of 
prestressed concrete in highway bridges, questions that had been discussed in the 
Committee on Bridges and Structures of the American Association of State Highway 
Officials. This proposal led to a comprehensive investigation of the strength and be
havior of prestressed concrete bridge beams, which was conducted through the years 
1951-1969 as a cooperative research project of University of Illinois, the Illinois Di
vision of Highways, and the U.S. Department of Transportation, Federal Highway Ad
ministration, Bureau of Public Roads. 

The objectives of the project , which were reviewed annually by an advisory committee 
with emphasis on their ultimate relation to bridge design, covered flexural strength, 
shear strength, time-dependent effects, anchorage-zone stresses, and bond. The re
sulting r esearch produced a fwid of basic information on the structural performance of 
pre stressed concrete , which influenced directly the development of design specifications 
and methods in the United States and other countries. This paper provides a summary 
of the activities on the project. 

The aims of the project as well as the research methods were formed under three 
influences. 

1. The project was initiated only 2 years after the completion of the Walnut Lane 
Bridge in Philadelphia, the first prestressed concrete highway bridge in the United 
States. Prestressed cone rete was new, full of promise , and somewhat mysterious . 
The claims made for its qualities in the popular professional literature were often un
substantiated and sometimes irrelevant. 

2. The basis of structural design in reinforced concrete was in the process of 
changing from working stresses to strength. 

3. Prior to the initiation of the project on prestressed concrete, an extensive and 
successful investigation of concrete bridge floors had just been concluded at the Uni
versity of Illinois. In that project , fundamental information was gathered and used to 
develop design methods by using a three-pronged approach that consisted of (a) theo
retical formulation of the problem, which lead to selection of the critical variables to 
be investigated experimentally; (b) experimental studies , which provide tests of the 

Sponsored by Committee on Concrete Superstructures. 
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theoretical predictions and sometimes lead to modifications of the theory and further 
tests of critical variables; and (c) development of simplified design methods with ex
plicitly defined domains of applicability. 

The entrepreneurial claims made for prestressed concrete on the basis of super
ficial evidence made it essential to establish whether pre'stressed concrete would have 
its own set of design criteria or whether the criteria for reinforced concrete would be 
applicable to prestressed concrete . The change in the design basis from stress to 
strength created a need for fundamental infor mation. The n anifest s uccess of the 
methods used in the investigation of concrete bridge floors f rovided the confidence 
and the convincing evidence for pl anning a long-range st udy starting with investigations 
of fundamental problems. · 

Thus, as various different problems were considered throughout the history of the 
investigation, the method used was the classic experimental method of hypothesize
test-rehypothesize. The final step was that of producing design methods for use in 
practice. The research program was always aimed at developing information about 
broad and basic problems rather than specific design conditions. For example, the 
entire problem of the flexural strength of prestressed concrete sections was studied 
analytically and experimentally to develop design criteria for unbonded prestressed 
concrete beams. Although this approach required time to reach practical results, 
it eliminated backtracking and reduced the number of limitations and doubts that often 
surround the results of single-purpose programs designed for immediate solutions. 

Various phases of the project are described in the following sections. 

FLEXURAL STRENGTH 

At the time of inception of the project, a general theoretical understanding of the 
flexural strength of reinforced concrete sections was still to be developed. Sufficient 
data under different conditions had not yet been obtained to provide a firm and general 
perspective of factors such as the limiting strain and effective strength of the concrete 
in a beam in relation to a test cylinder. Prestressed concrete introduced additional 
variables (the prestress level and reinforcement with a stress-strain curve that could 
not easily be idealized as elastoplastic) and brought doubts to bear on what had been 
one of the stable foundations of the theory of flexural strength for ordinary reinforced 
concrete sections (the distribution of strain over the depth of the section) because of 
the need for deriving comparable solutions for unbonded beams as well as beams with 
fully and partially bonded reinforcement. 

The concepts involved in determining the flexural strength of prestressed reinforced 
concrete sections are shown in Figure 1, which shows the conditions of strain and stress 
at failure for a rectangular beam reinforced in tension. Notation related to the geom
etry of the cross section is defined in the figure. The symbols for strain and stresP 
have the following significance: 

fu = limiting strain of concrete in compression, 
faa increase in the steel strain beyond the strain (f •• + fee), 
fee = concrete strain at level of reinforcement caused by effective prestress, 
fso = strain in reinforcement corresponding to effective prestress, 
( •u = total strain in reinforcement at failure, 
fcu = average stress in beam concrete at ultimate, and 
fsu = reinforcement stress at beam failure. 

The steel strain increase, f••• is related to the limiting concrete strain, fu, by the 
expression 

(u = F fu [(1/ku) - (1}] (1) 

where F is a strain compatibility factor that is influenced primarily by the bond between 
concrete and steel and the loading conditions . From equilibrium, it can be shown that 

ku = pfeu/fcu (2) 
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which can be substituted in Eq. 1 to yield 

€ ea = F Eu [(f,u/pf,u) - ( 1)] (3) 

The total steel strain at beam failure is 

£,u = €,e + Eco+ FEu [(f,u/pf,u) - (1)] (4) 

Equation 4 provides a direct relation between f,u and E,u as represented qualitatively 
by curve 1 shown in Figure 2. Another relation between steel stress and strain is iso
lated by the inherent stress-strain curve for the steel. For a particular case, for 
which curve 1 may be plotted with the help of Eq. 4, the solution for f,u is at the inter
section of the two curves shown in Figure 2. The flexural capacity of the section is 
almost directly proportional to f,u. Therefore, the relative effects of the critical 
variables on flexural strength can be evaluated by using Figure 2. 

The stress-strain curve for prestressing reinforcement can be divided ideally into 
a linear and a nonlinear portion. In relation to the strength of the beam, indicated by 
the stress f,u, it follows from Figure 2 that, if curve 1 intersects the linear portion of 
curve 2, any factor that shifts the position of curve 1 becomes critical. If curve 1 
intersects the nonlinear portion of curve 2, flexural strength of the beam is insensitive 
to variations in factors affecting the position of curve 1. 

A series of 82 beam tests was made in the course of the investigation to establish 
the effects of various parameters that control the location of curve 1 as indicated by 
Eq. 1. The concrete strength, reflected in the term fcu of Eq. 1, was varied from 1,270 
to 8,320 psi. The reinforcement ratio, p, varied from 0.1 to 1.0 percent. Bond con
ditions, which affect the compatibility factor F, were varied by testing bonded, totally 
unbonded, and partially unbonded beams. The effective prestress ranged from 20,000 
to 180,000 psi. 

A typical example of the type of studies carried out is shown in Figure 3, which 
shows the variation of the failure stress in the reinforcement, f,u, with the ratio p/fcu 
at different values of the effective pre stress ranging from O ( £,. = 0) to 150,000 psi 
( £,. = 0.005). It is evident from Figure 3 that, below p/fcu = 1. 5 x 10-6 (1/psi), the 
flexural strength of the beam is insensitive to the effective prestress. The curves 
also indicate that a reduction in prestress from 150,000 to 120,000 psi is not important 
for strength throughout the range of p/fcu values covered and that, at prestress levels 
over 120,000 psi (E,. = 0.004), there is little variation in f,u as the abscissa changes 
from 1 x 10-6 to 3 x 10- 6

• Large variations in concrete strength are not of significance 
in this range. 

Analyses shown in Figure 3 not only helped to plan experimental studies (concen
trating experimental work in ranges where the analytical results show little sensitivity 
to changes in the parameters studied may produce trivial test results) but also indi
cated the ranges where design simplifications are possible. 

For example, it is evident from Figure 3 that for bonded beams the variation of the 
steel stress with the parameter p/fcu can be represented closely by a straight line. 
Figure 4 shows the exact solution for the steel stress with the predictions of an ap
proximate method described by the expression 

f,u = f: [(1) - (0.5) (pf:/f~)] (5) 

where f~ is the strength of the reinforcement. 
The work on flexural strength of prestressed concrete included studies toward the 

development of design specifications as well as analytical and experimental research. 
This phase of the project is summarized elsewhere ( 4). 

One portion of the studies made in relation to design involved analytical studies of 
the interrelations among design criteria for flexure. Prestressed concrete bridge 
beams were designed to satisfy one set of requirements based on service load stresses, 
such as maximum stresses immediately after prestress and maximum stresses at de
sign load, and another set of requirements based on minimum factors of safety. These 
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dual sets of criteria hindered the selection of optimum sections. Consequently, a com
prehensive study was made of the interrelations among design criteria for composite 
and noncomposite sections, leading to various aids for design as well as an explicit 
understanding of the effects of the design requirements. These studies are summarized 
elsewhere (1) . 

SHEAR STRENGTH 

One of the early misconceptions about prestressed concrete was the belief that pre
stressing eliminated the need for web reinforcement. For service loads, it could be 
shown by calculation that the inclined principal tensile stresses were negligible or 
nonexistent. This is generally correct, but it does not mean that the prestressed con
crete beam is not susceptible to shear failure. The first few beam tests demonstrated 
quite clearly that prestressed concrete beams could fail in shear with the beam develop
ing considerably less strength and less ductility than it would have if it had failed in 
flexure. 

Figure 5 shows the measured load-deflection curves of two prestressed concrete 
I-beams with similar properties except for web reinforcement. Beam 1 had no web 
reinforcement, and it failed in shear. Beam 2 had sufficient web reinforcement to 
develop a flexural failure. The undesirability of a bridge beam susceptible to a shear 
failure and the need for web reinforcement are clear from the comparison. 

The investigation was concerned primarily with developing design methods for the 
determination of the optimum amount and type of web reinforcement in prestressed 
concrete bridge beams. Because of the lack of rational concepts related to shear 
failure, this task required considerably more experimental work than the investiga
tion of flexural strength, with a substantial effort spent on understanding the behavior 
and modes of failure of beams without web reinforcement. 

Initial tests and analyses of rectangular prestressed concrete beams resulted in the 
definition of shear-compression failures, which explained in an intelligible manner 
many features of shear failures in prestressed as well as ordinary reinforced concrete 
beams (5). This was followed by a study of prestressed I-beams, which related the 
shear-compression theory explicitly to the development of strains in the beam. It also 
showed that this mode of failure was only one of several possible modes and that the 
critical stage in the load history of a prestressed beam was the development of the in
clined crack that could be initiated either in an uncracked portion of the beam or in a 
region influenced by flexural cracking (6). Subsequent studies showed the negative 
effect of draped reinforcement (i.e., that draping the strands could actually reduce 
the shear strength of the beam rather than increase it) and the quantitative relation 
between flexural cracking and inclined cracking (1, .!!_, ~. After a stable perspective 
had developed about the strength and behavior of beams without web reinforcement, 
work was started on beams with web reinforcement. This phase of the work (l!) 
demonstrated that, although theoretically incorrect, the truss analogy would serve 
satisfactorily as a basis for the determination of web reinforcement in prestressed 
concrete beams and that the amount of web reinforcement was proportional to the 
difference between the shears corresponding to flexural failure and to initiation of 
inclined cracking. 

During the course of this investigation of shear, a total of 2 50 beam tests was made. 
Loading conditions included simply supported beams, continuous beams, and beams 
subjected to simulated moving loads. Beams with rectangular cross sections as well 
as composite and noncomposite I-beams were tested. Concrete strength, prestress 
level, and amount and type of web reinforcement were major variables. The entire 
work is reported elsewhere (6, 10, 11). 

The investigation had a strongimpact on design methods for prestressed concrete. 
The concepts of inclined cracking, which developed during the progress of the investi
gation, are currently used in the ACI Building Code. As a result of the findings in this 
study, it has also become general practice to relate the shear capacity of the concrete 
to the inclined cracking load. 
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TIME-DEPENDENT EFFECTS 

Stress relaxation of prestressing reinforcement and time-dependent deflections of 
prestressed concrete beams were studied in this phase of the investigation. 

In the early 1950s, there were limited data on long-time stress-relaxation charac
teristics of prestressing reinforcement in general and virtually no data on prestressing 
steel manufactured in the United States. Consequently, a series of tests was initiated 
using the vibration technique (g) and continued for a 10-year period. The final paper 
(!.1) on this project reports data from 57 tests made at the University of Illinois and 
444 tests made in other laboratories. On the basis of these data, design expressions 
were developed for estimating stress-relaxation losses as a function of time and the 
initial prestress level. 

Prestressed concrete beams develop time- dependent deflections because of stress 
relaxation of the steel and creep and shrinkage of the concrete. Because the pre
stressing force varies with time, concrete creep occurs under varying stress. Fur
thermore, the prestressed bridge beam is typically subjected to sudden changes in its 
loading conditions in the early part of its life history, such -as applications of prestress 
and casting of a deck, which complicate the process for calculating time-dependent 
deflections. An analytical investigation was initiated, complemented by laboratory 
tests, to study the feasibility of various methods of calculating time-dependent deflec
tions. The main difference between the methods used was the manner of treating 
creep under varying stress. It was found that a simple procedure, the rate-of-creep 
method, was adequate for most practical cases (~. The study was extended to dis
cuss the time-dependent deflection problem in typical composite highway bridges. 

DESIGN OF ANCHORAGE- ZONE REINFORCEMENT 

Longitudinal cracks have been observed in the anchorage zones of both post-tensioned 
and pretensioned prestressed concrete bridge girders. On some occasions, these 
cracks have led to collapse of the girder. A program of tests and analyses was ini
tiated to investigate this phenomenon and to develop design methods for the proportion
ing of transverse reinforcement to restrain anchorage-zone cracking. 

The experimental program included 66 tests of simulated anchorage zones. The 
results of these tests were studied in conjunction with data from 111 tests reported by 
other investigators. The experimental data covered a wide range of variables critical 
to the behavior of the anchorage zone: (a) size and shape of cross section; (b) eccen
tricity of the prestressing force; (c) ratio of the loaded area to the cross-sectional 
area; (d) distribution of the prestressing force; (e) type of prestressing (post-tension 
or pretension); (f) concrete quality; (g) amount, type, and location of transverse re
inforcement; and (h) time-dependent effects. 

Theoretical studies of the stress distributions in the anchorage zone resulted in a 
simplified analytical solution to the problem, which permitted the analysis of the crit
ical cracking stresses in beams of all cross sections. More importantly, this analysis 
provided an intelligible basis for the design of transverse reinforcement to restrain 
anchorage-zone cracking. The entire study is summarized in a paper by Welsh and 
Sozen (17), which discusses the fundamental aspects of the anchorage-zone problem, 
describes the method of design, and presents an illustrative example. 

BOND CHARACTERISTICS OF PRESTRESSING STRAND 

In the early applications of prestressed concrete, a firm knowledge of bond was not 
considered to be critical because most of the bridge members were long and slender 
and some elements were post-tensioned and anchored mechanically. However, re
search on anchorage-zone stresses and shear strength indicated that the development 
length of the strand was critical in determining the susceptibility of the prestressed 
element to the development of longitudinal and inclined cracks near the anchorage zone . 
Consequently, an extensive investigation of the bond characteristics of prestressing 
wire and strand was initiated as one phase of the investigation. 
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The experimental program included 486 pullout tests and 5 beam tests to investigate 
the following parameters. 

1. strand diameter: seven-wire strands varying from ¼ to ½ in. were tested. 
2. Concrete strength: compressive strength of the concrete ranged from 2,400 to 

7,600 psi. 
3. Settlement of concrete: depth of concrete beneath strand was varied from 2 to 

30 in. 
4. Consistency of concrete: tests were made with concretes having slumps from 

0.2 to 7.5 in. 
5. Curing conditions: tests were made with moist-cured and dry-cured concrete, 

primarily to vary shrinkage. 
6. Lateral pressure: a special test setup made it possible to make pullout tests 

with the concrete subjected to lateral pressure ranging up to 2,500 psi. 
7. Age of concrete: specimens were tested from 1 to 64 weeks after casting. 
8. Sustained load: pullout tests were made with the strand subjected to a constant 

load for periods up to 15 months. 

The results of the entire investigation are reported elsewhere (!!!), which, in addi
tion to presenting a hypothesis for the nature of bond between strand and concrete, 
contains recommendations for use in practice of the information developed. 
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TIME-DEPENDENT BEHAVIOR OF CONCRETE 
MADE WITH HAWAIIAN AGGREGATES 
Harold S. Hamada, Samuel Zundelevich, and Arthur N. L. Chiu, 

University of Hawaii 

The results from experimental studies on creep and shrinkage behavior of 
axially loaded cylinders and the camber and deflection behavior of simply 
supported rectangular prestressed concrete beams are reported. The 
nominal compressive strength of the Hawaiian aggregate concrete is 5,000 
psi. The specimens were stored at 73 F and 50 percent relative humidity. 
Two lightweight and one normal-weight concrete mixes were used to 
manufacture the specimens. The cylinders were loaded to 0.25 f:, 0.40 f~, 
and 0.60 f~. The beams were loaded at thirdpoints with 750-lb loads. The 
span length of the beam was 15 ft. All Hawaiian aggregate concretes show 
larger ultimate shrinkage strain when compared with data in published 
literature. Hawaiian lightweight concretes have smaller ultimate shrink
age strain than does the Hawaiian normal-weight concrete. 

•LIGHTWEIGHT and normal-weight concrete is widely used in construction in the state 
of Hawaii. Because of its wide usage, there is a need for a better understanding of the 
initial and time-dependent behavior of concrete members. 

This paper discusses the results obtained from experimental studies on the creep 
and shrinkage behavior of axially loaded cylinders and the camber and deflection be
havior of simply supported rectangular prestressed concrete beams. All specimens 
were made from concrete using Hawaiian aggregates. 

Much research work has been done on the long-term behavior of manufactured light
weight and normal-weight concrete, and many theories have been advanced to describe 
the empirical information. However, no universally accepted theory exists. The pub
lished experimental information indicates that many variables affect the long-term be
havior of concrete that is stressed. 

Testing is the only satisfactory means of assessing the long-term creep and shrink
age behavior of concrete that is made from local aggregates. For this study, standard 
concrete cylinders were used; they either were free of stress for investigating shrink
age behavior or were subjected to constant axial stress for investigating creep behavior. 

Accurate prediction of camber in prestressed concrete beams and girders becomes 
especially important in bridge construction to ensure required cast-in-place slab thick
ness and conformance with grade profiles. Initial and time-dependent deflections are 
important in building construction because excessively large deflections result in un
sightly cracks. 

For this study, simply supported rectangular concrete beams, manufactured with 
local aggregates, were used for investigating camber and deflection behavior. Calcu
lated values using available procedures are compared with assessed loss of prestress, 
axial shortening, camber, and deflection. 

The following notation is used in this paper. 

CFLA = correction factor for delayed time of loading; 
CL creep coefficient defined as the ratio of creep strain to initial strain at the 

time of applying additional dead load; 
Ct creep coefficient at time t; 
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Ct = average value of creep coefficient at time t; 
Ct

1 
= creep coefficient for the noncomposite beam due to subsequently applied 

loads; 
Cu = ultimate creep coefficient; 
D = parameter in creep equation; 

Fo = prestressing force at transfer (after elastic loss); 
AFt = total loss of prestress at time minus the initial elastic loss; 

n = number of gauges; 
t = time; 

tLA = age of concrete when loaded, days; 
A(t) = deflection at any time t; 

(A1 ) = initial camber due to the initial prestress force, Fo; 
Fo 

(A1 ) = initial deflection caused by the beam's own weight; 
DL 

(Ai)L = initial deflection caused by additional _loading; 
€0 = creep strain of i th gauge; 
€ a1 = initial strain of i th gauge; 
£°0

1 = average value of initial strain, and 
€u = ultimate creep strain. 

UNIAXIALLY LOADED CONCRETE CYLINDERS 

Laboratory Procedures 

standard 6-in. diameter concrete cylinders were loaded in uniaxial compression in 
accordance with ASTM C 512-69 recommendations. The constant axial load was main
tained by placing steel coil springs in series with the concrete specimens. 

The concrete specimens were moist-cured for the first 7 days after manufacture 
and housed in a controlled-environment room thereafter. The room temperature was 
maintained at 73.4 ± 2 F, and the relative humidity was maintained at 50 ± 4 percent. 
All specimens werE; loaded 28 days after manufacture. 

Concrete Mixes 

The nominal compressive strength selected was 5,000 psi. Three coarse aggregates 
were selected: (a) basalt rock from Kapaa Quarry, Oahu; (b) lightweight volcanite cin
der, commercially called cinderlite, from Molokai; and (c) lightweight trachyte pumice, 
commercially called volcanite, f rom Hawaii. Concrete made from the basalt rock 
we ighed appr oximately 152 lb/ft3, whereas concretes made from the other two aggre
gates were lighte r (124 lb/ft3 for cinder lite and 121 lb/ft3 for volcanite) and hereafter 
will be referred to as lightweight concrete. 

The design mixes for the 5,000-psi concrete are given in Table 1. These mixes 
were obtained from a commercial vendor, and the mixes are used in construction 
projects . The actual 28-day compressive strengths for the mixes are as follows: 
basalt, 5,883 psi; cinderlite, 5,513 psi; and volcanite, 4,445 psi. Average values were 
obtained from testing a minimum of three cylinders for each mix. Many cylinders 
were tested prior to the 28th day to determine the effect of age on compressive strength. 

Mathematical Expressions for Creep 

For this paper, the mathematical expression selected to represent creep strain as 
a function of time is taken from Meyers et al. (!): 

(1) 

The values for Cu and Dare to be determined from tests. 
Other mathematical functions have been proposed: for example, the hyperbolic 

formula by Ross (2) and Lorman (3); the power function by Shank (4); and the logarithmic 
function by Thomas (5), Hansen (6J, and McHenry (7). Other forms have also been 
proposed, but they will not be discussed here. Kaflasz and Szulc (8) have published a 
study on the various expressions. -
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Test Results 

The constant-stress tests were designed to sustain three stress levels: 0.25 f~, 
0.40 f ~, and 0.60 f~. It was speculated that the first two stress levels were within the 
linear portion of the stress-strain curve, and the third stress level would fall in the 
nonlinear range. 

Figures 1, 2, and 3 show the creep plus shrinkage strain histories for the three con
crete mixes. Initial strains due to elastic shortening at the time of loading are also 
shown. The horizontal axis shows time after the application of loads on the specimens. 
Each point in the figures represents an average of nine readings taken from three cyl
inders. Three gauge lines, spaced 120 deg along the circular perimeter, were selected 
on each cylinder. Change in cylinder length was measured with an 8-in. Whittemore 
gauge. 

Figure 1 shows the data for the normal-weight concrete. The actual stress levels 
were different from the desired values, but all three stress levels fell in the linear 
range of the stress-strain curve. The curves passing through the data points are 
drawn arbitrarily to delineate each stress level. 

Figure 2 s hows the data for the concr ete made from volcanite aggregates with the 
stress levels at 0.29 f~, 0.45 f~, and 0.67 f~. Although the first two str ess levels were 
in the linear range, the third stress level was definitely in the nonlinear range of the 
stress-strain curve. For the first two stress levels, the creep plus shrinkage strains 
were not significantly different from those shown in Figure 1. However, the initial 
strains were much larger than those for the basalt mix, indicating a lower elastic 
modulus for the volcanite mix. 

Figure 3 shows the data for the concrete made from cinderlite aggregates with stress 
levels at 0.23 f~, 0.36 F~, and 0.55 f~. By us ing the ratio of applied stress to init ial 
strains, we can observe the following: 

(0.23 f~/450) = (0.36 f ~/839) = (0.55 f:/1, 171) = elastic modulus 

Because these three ratios for the initial strains are nearly equal, the three curves 
shown in Figure 3 are for the linear range of the stress-strain curve. 

Comparison of Figures 1 and 3 may show that the creep plus shrinkage strain of the 
lightweight cinderlite is less than that of the normal-weight concrete. However, the 
initial strains of the lightweight concrete are greater, and therefore the total strain 
(creep plus shrinkage plus initial strains) is greater for the lightweight concrete. 

Figures 4, 5, and 6 show the time variation of the creep strain. These curves are 
similar to those shown in Figures 1, 2, and 3, except that shrinkage strains have been 
subtracted. The variation of shrinkage strain with time may be obtained from these 
figures by taking the difference between the appropriate curves. Special shrinkage 
strain versus time curves will not be presented. Shrinkage strains are discussed in 
more detail in subsequent portions of this paper. 

The curves shown in Figures 4, 5, and 6 are based on the equation 

(2) 

The constants Cu and D, which are shown in Figures 4, 5, and 6, have been deter
mined by least square fitting of the experimental data. It is noted that the creep coef
ficient for the normal-weight concrete is greater than that of the lightweight concrete. 
The creep coefficient for lightweight concrete from Hawaiian aggregates compares 
favorably with those given by Shideler (9). 

In the process of determining Cu and- (u from the experimental data, the following 
problem was observed. The coefficients Cu and D were obtained by least square fitting 
of the average values of the creep coefficient. 
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Table 1. Design mixes for 5,000-psi concrete. 

ASTM 
Mix Material Size Source Designation Quantity 

Mix 47" 
Coarse aggregate Basalt ¾ in. Kapaa C-33 1,575 lb 
Fine aggregate Basalt Number 4 Kapaa C-33 1,008 lb 

Sand Molokai C-33 546 lb 
Cement Type I Hawn/Perm C-150 7.2 sacks 
Admixture Plastiment Sika C-494 3 oz/sack 

Mix 67' 
Coarse aggregate Cinder ¾in. Molokai C-330 1,000 lb 
Fine aggregate Coral Number 4 Barbers Point C-33 619 lb 

Sand Molokai C-33 705 lb 
Cement Type I Hawn/Perm C-150 7.3 sacks 
Admixture Plastiment Sika C-494 ·3 oz/sack 

Mix 77V' 
Coarse aggregate Volcanite ¾ in. Hawaii C-330 1,200 lb 
Fine aggregate Volcanite Number 4 Hawaii C-330 1,010 lb 
Cement Type I Hawn/Perm C-150 8.0 sacks 
Admixture Plastiment Sika C-494 3 oz/sack 

'Mix 47 = 5,000-psi 3F with plastiment (5.0-3FP1-7.2). 
"Mix 67 = 6,000-psi cinderlite with plastiment (5.0-CCPl-7.5) , 
'Mix 77V = 5,000-psi volcanite with plastiment (5.0-VOPl-8.0). 

Figure 1. Creep plus shrinkage strains versus time after loading for basalt concrete. 
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Figure 3. Creep plus shrinkage strains versus time after loading for cinderlite concrete. 
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Figure 4. Creep strain versus time after 
loading for basalt concrete. 

Figure 5. Creep strain versus time after 
loading for volcanite concrete. 

Figure 6. Creep strain versus time after 
loading for cinderlite concrete. 
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£3) 

The average initial strain was determined by the equation 

(4) 

Now if one uses the product of £0 and Cu as the value of the ultimate creep strain E:u in 
Eq. 2, the resultant curves will not adequately represent the data points. The ultimate 
creep strain E:u must be determined separately. This observation may suggest that the 
creep coefficient is not a good parameter to use because it does not adequately demon
strate the variation in the experimental data in both numerator E: 01 and denominator E:.

1
• 

SIMPLY SUPPORTED PRESTRESSED CONCRETE BEAMS 

Simply supported rectangular prestressed concrete beams were used to investigate 
the camber and deflection characteristics. These beams were manufactured with the 
same types of aggregates as were used for the cylinders. Type I standard cement and 
plastiment as a retardant admixture were used. 

By using the different mixes, with a nominal strength F0 = 5,000 psi, three sets of 
specimens were cast separately. Each set consisted of three beams to study deflections 
and three beams to study camber (one unstressed beam 7 ft 9 in. long was poured for 
each set to determine shrinkage strains). The beams were 4 in. by 6 in. in cross sec
tion, 15 ft 6 in. long, and simply supported over a 15-ft span. Two ¾ in., 7-wire, 270k 
strands located at 1. 75 in. from the bottom were used for the prestressing. In addition 
to their own weights, the deflection specimens support two concentrated 750-lb loads 
at one-third points of the span as shown in Figure 7. 

Strain readings were taken with a Whittemore gauge at different times in accordance 
with ASTM C 512-69. The gauge point locations are also shown in Figure 7. Camber 
and deflection values from dial gauge readings compared very well with values cal
culated by using strain-gauge point readings. 

EXPRESSIONS USED TO CALCULATE CAMBER AND DEFLECTION 

Several mathematical expressions are available to model the deflection behavior of 
prestressed concrete members. Reference 10 contains a simplified version from the 
more accurate expression developed by Branson (11). The terms in Branson's expres
sion can be rearranged, and the total deflection, excluding the effects of non-prestressed 
reinforcement, can be expressed as the sum of different components shown in Eq. 5 
and Figures 8 and 9. 

where 

is the result of the initial camber (positive) due to initial prestressing force and the 
initial deflection due to the beams's own weight; 

(5) 

(6) 

(7) 
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Figure 7. Prestressed concrete beams. I- 4" __, 
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is the result of time-dependent effects due to initial camber; 

As = -(At) 
1 cad 

(8) 

is the change in deflection due to additional loading; and 

(9) 

is the time-dependent effect due to loading and includes the gain in prestress due to the 
lengthening of fiber at the level of the prestressing steel. 

The equations adequately model the deflection behavior. of a prestressed concrete 
member if proper values for concrete strength, modulus of elasticity, ultimate shrink
age strain, and ultimate creep coefficient are used. Conditions other than standard 
have to be considered by using correction factors to account for differences. Of partic
ular importance are the values of the creep coefficient at any time and the correction 
factor due to age of loading represented by Eqs. 10 and 11. These equations were 
presented in detail elsewhere (!). 

CFLA = 1.25 tu -oo1ie 

The parameters, Cu and D, are given in Figures 4, 5, and 6. 

RESULTS 

(10) 

(11) 

This section discusses the experimental results obtained from the study: compres
sive strength, modulus of elasticity, shrinkage, creep, loss of prestress, camber, and 
deflection. 

Compressive Strength 

Results from compression tests indicate that the cinderlite and volcanite mixes 
have higher early strengths than do the basalt mix. 

The calculated modulus of elasticity, using the ACI formula, was always higher than 
the measured value. This could be one of the reasons why measured initial deflection 
values were higher than calculated values. 

Shrinkage 

Table 2 compares ultimate shrinkage strains and free shrinkage values derived from 
measurements on the free-standing beams. The measured shrinkage values are higher 
than those suggested by Meyers et al. (1); the latter could be used if no other informa
tion is available. However, variations 1n ultimate shrinkage values cause only minor 
changes in the answers when predicting camber and deflections. The time-dependent 
components of deflection, as calculated from Branson's method (using measured con
stants and measured shrinkage strains), were compared with calculated values by using 
suggested shrinkage strains. It was found that the behavior can be predicted with ac
ceptable accuracy in both cases. 

Creep 

In contrast to the cylinder specimens, where the stresses are uniform and maintained 
constant, the beam specimens show stresses varying along the depth of the member and 
decreasing with time. To assess the experimental coefficients under such conditions, 
we obtained ultimate creep coefficients from the measured data. The procedure was to 
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fit the curves of the average measured camber [ia,,1 + A:i(t}J and the average measured 
effects on deflection due to a subsequently applied load [As + tM(t) J. However, to min
imize the effects of the discrepancy in the initial camber and in the change in deflec
tion , we normalized the camber and the effects on deflection due to applied loads by 
dividing the initial camber ~ 1 and instantaneous change in deflection due to loading As 
respectively. If different coefficient values were used with the available expressions 
for the loss of prestress, camber, and deflection, the value yielding the best visual fit 
between experimental and calculated curves is selected as the most suitable. Branson's 
method and measured values of concrete strength and ultimate shrinkage strains were 
used in the calculations. 

The normalized average measured camber and the normalized effects on deflection 
due to applied loads are shown in Figures 10, 11, and 12 for basalt, cinderlite, and 
valcanite. Also shown in the figures are culrves us ing exper imental constants and 
ultimate creep coefficients (C. = 3. 7, c. = 3.3, and c. = 3.0) obtained 

basalt cinderllte volcanlte 

by applying the method described in the p r evious paragraph. Notice that the theoreti
cal curves for the basalt and volcanite mixes fit the experimental curves at every point; 
this proves the adequacy of Eq. 11. The small discrepancies observed for the cinderlite 
mix indicate that the values of the parameters in Eq. 11 for the cinderlite mix may be 
different from those shown (13). Eq. 10 yields excellent results for the three mixes. 

Experimental values obtained from the beams as well as from the cylinders are 
compared with suggested ultimate creep coefficients in Table 2. Differences in values 
may be attributed to the sensitivity of the creep coefficient to variation of stresses 
along the depth of the section, to decreasing magnitude of the stresses due to the loss 
of prestress, and to the delayed time of loading. (The volume-surface ratio for the 
beams was approximately equal to the volume-surface ratio for the cylinders.) 

Loss of Prestress 

The initial time-dependent strains for each beam at all five sets of gauge points 
were measured at different times after stressing. A typical strain diagram at a mid
span section is shown in Figure 13. 

The loss of prestress was evaluated by us ing the strain at the level of the steel and 
by adding to it 75 percent of the calculated relaxation as suggested by Branson (11). 
The value of 75 percent takes into account the fact that stress relaxation occursunder 
decreased strain caused by creep and shrinkage. Experimental loss of prestress at 
midspan for each concrete mix is shown in Figure 14. 

Measured values were compared with calculated values by using the methods sug
gested in Ref. 10 and by using Branson' s method (11) along with suggested and mea
sured constants. It was concluded that Branson'smethod with suitable constants will 
predict the loss of prestress more accurately. The method suggested in Ref. 10 is sim
plified to avoid extensive calculations in design. 

Camber and Deflection 

Camber and deflection histories for each beam measured with dial gauges are shown 
in Figures 15, 16, and 17. The average measured camber and average measured ef
fects on deflection are separated and shown in Figures 18, 19, and 20. 

Figures 18, 19, and 20 also show the camber and effects on deflection due to applied 
loads by using the respective recommended constants and formulas suggested else
where (10, 11). Also shown in the figures are curves obtained by Branson's method 
but which use creep coefficients experimentally determined from the beams and the 
cylinders. By using the experimental values from the beams, camber and deflection 
behavior can be predicted with better accuracy. The method suggested in Ref. 10 pre
dicts the camber with acceptable accuracy but is less accurate in predicting the effects 
on deflection due to applied loads. This is because of simplifications made on ultimate 
creep coefficients for delayed time of loading. The essential difference between the 
method in Ref. 10 and Branson's method is that the former has been simplified to aid 
the designer. 



Table 2. Comparison of experimental and suggested values for ultimate shrinkage 
strains and ultimate creep coefficients. 

Type of 
Aggregate 

Basalt 
Clnderllte 
Volcanlte 

Ultlmate Shrinkage Strain, 
x 10-• IJl./ln. 

Experimental Suggested" 

1,050 714 
938 714 
878 726 

'Derived from Ref. 1. 

Ultimate Creep Coefficient 

Experimental Experimental 
(from beams) (from cylinders) Suggested" 

3. 7 3.24 2.69 
3.3 2.17 2.34 
3.0 2.44 2.33 

Figure 10. Comparison of normalized camber and normalized effects of subsequently applied loads with 
suggested values (basalt). 
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Figure 11, Comparison of normalized camber and normalized effects of subsequently applied loads with 
suggested values (cinderlite). 
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Figure 12. Comparison of normalized camber and normalized effects of subsequently applied loads with 
suggested values (volcanite). 
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Figure 13. Typical measured strain diagrams at midspan for different 
times after stressing. 
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Figure 14. Experimental loss of prestress at midspan for each concrete mix. 
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Figure 15. Measured deflection at midspan (basalt). 
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Figure 17. Measured deflection at midspan (volcanite). 
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Figure 18. Comparison of camber and effects on deflection due to subsequently applied loads with suggested 
values using experimental strength (basalt). 
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Figure 19. Comparison of camber and effects on deflection due to subsequently applied loads with 
suggested values using experimental strength (cinderlite). 
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Figure 20. Comparison of camber and effects on deflection due to subsequently applied loads with 
suggested values using experimental strength (volcanite). 
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CONCLUSIONS 

The following statements can be made on the basis of the study results. 

1. Volcanite concrete has higher early strength relative to cinderlite and basalt 
concretes. 

2. The moduli of elasticity for Hawaiian aggregate concretes are lower than the 
elastic modulus calculated from the ACI formula. 

3. All Hawaiian aggregate concretes show larger ultimate shrinkage strains when 
compared with the data in published literature. 

4. Hawaiian lightweight concretes have smaller ultimate shrinkage strain than the 
Hawaiian normal-weight concrete. 

5. Differences in the ultimate creep coefficients, which were determined from uni
axially stressed concrete cylinders and prestressed concrete beams, may be attributed 
to large sensitivity to the loss of prestress, which is most difficult to assess. 

6. The creep coefficient for basalt concrete is larger than the creep coefficients for 
cinderlite and volcanite concretes. However, this does not necessarily mean that the 
basalt concrete creeps more because the creep strain iS determined from the product 
of the creep coefficient and initial strains. 

7. Branson's method for predicting initial and time-dependent loss of prestress, 
axial shortening, camber, and time-dependent deflection are recommended. The data 
show that this method accurately estimates these effects if appropriate coefficients are 
used for concrete made from Hawaiian aggregates. 
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FACTORS AFFECTING GIRDER DEFLECTIONS DURING 
BRIDGE DECK CONSTRUCTION 
M. H. Hilton, Virginia Highway Research Council 

Problems involved in obtaining the desired thickness of bridge decks were 
investigated. The study, which was limited to decks longitudinally screeded 
during construction, included (a) field measurements of the girder deflec
tions during construction and (b) theoretical frame analysis of the girder 
deflections under the field-loading conditions. Two simply supported 
steel-plate girder spans were investigated. When full-spanlengthlongitu
dinal screeding is used, the finished grade elevations are set on the screed
ing edge of the machine and remain independent of the bridge girder deflec
tions, and thus the forming elevations, will in turn have a bearing on 
the final thickness of a bridge deck. In addition, all factors that in effect 
cause the deck forming to be too high at the time the concrete is screeded 
to grade have the potential of causing an inadequate deck thickness. The 
most significant factors were found to be (a) plan dead-load deflection val
ues that are in error, (b) differential temperatures existing between the 
top and bottom flanges of the girders during concrete placement as opposed 
to those that may have existed when the forming elevations were estab
lished, and (c) the transverse position of the concrete dead loading at the 
time a final screeding pass is made over a given point on a span. 

•AS bridge design trends have tended toward longer, more flexible spans and as con
struction techniques have become more sophisticated, the design thickness of bridge 
decks is often more difficult to obtain during construction. When deficient deck thick
nesses occur, there are virtually no reliable corrective measures for restoring lost 
structural strength; where insufficient cover over the reinforcing steel results, per
manent maintenance problems may develop. 

During bridge deck construction there are two basic methods for screeding the con
crete deck to grade: the transverse and the longitudinal (by nature of the screeding 
machine's orientation to the alignment of the bridge). This study was concerned only 
with the longitudinal placement and screeding technique, which is used by many con
tractors. 

Longitudinal screeding machines, such as the one shown in Figure 1, are most 
often used on simple spans 100 ft or less in length. The transverse screed rails 
supporting the machine are normally set to the finished grade at each end of the span. 
The finished grade of intermediate points on the deck are set on the longitudinal strike
off edge of the screeding machine. If the structure of the machine is stable, then the 
elevations remain fixed and are independent of the girder deflections occurring during 
concrete placement. Consequently, the final thickness of the bridge deck will be de
pendent on the deflections of the girders at the time the concrete deck is struck off the 
grade. Accordingly, all factors influencing the girder deflections during construction 
have a direct bearing on the final thickness of a bridge deck. 

When longitudinal screeding is used, one factor of concern involves the effect on 
deflections of interconnecting diaphragms between the bridge girders. Conventional 
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procedures for computing plan dead-load deflection values normally assume that dia
phragm connections are hinged, i.e., that each girder is free to deflect independently 
under the dead load of that portion of the concrete deck it would carry. When concrete 
is placed down one side of a bridge span, as is the case when a deck is to be longitudi
nally screeded, the deflections of girders directly under the load will be partially re
strained by the interconnecting diaphragm action with the unloaded girders. Thus, if 
the concrete deck is struck off to grade over one girder before concrete is placed over 
the remaining girders, then the deflection of this girder will not be as much as calcu
lated, and the deck will not be adequate. An earlier theoretical analysis (1) and field 
investigation (2) indicated that deficient deck thicknesses could result where longitudi
nal screeding follows too closely behind concrete placement. These studies, however, 
assumed full rigidity at all diaphragm connections . For bolted connections, the as
sumption of a rigid joint may not be applicable under the variable loading conditions 
that exist during deck placement. This paper presents the results of field measure
ments and a theoretical analysis of semirigidly connected simple-span bridge girders 
that were used to investigate the actual versus the theoretical deflections occurring 
during bridge deck construction. 

Other factors that could have a bearing on girder deflections during construction 
were investigated. These included thermal effects such as the heat of hydration of the 
concrete during deck placement and solar heating of the top flanges of the steel girders 
prior to concrete placement. To determine the order of magnitude of the influence of 
the thermal factors, we measured temperatures on the steel girders during the field 
investigations. 

PURPOSE AND SCOPE 

The following were the main objectives of the study: 

1. To investigate the girder deflections at progressive stages of concrete deck 
placement and to evaluate the adequacy of the conventional method of computing plan 
dead-load deflections for a bridge deck that is to be placed and screeded longitudinally 
over the full-span length; 

2. To estimate-by use of a comparison of the theoretical and field data-the degree 
of diaphragm connection rigidity on the particular spans studied; 

3. To investigate the theoretical effects of diaphragm connection rigidity on the 
deflections of a girder system and to compare the results with field deflection data 
obtained during progressive stages of deck placement; and 

4. To obtain field data on the differential thermal conditions between the upper and 
lower flanges of steel girders due to solar heating prior to deck placement and the 
subsequent hydration heat of concrete. 

The general scope of the study was limited to simple-span steel-girder bridges 
with bolted diaphragm connection type designs. The study was limited to bridge decks 
constructed by use of longitudinal placement and screeding of the concrete. 

STRUCTURES STUDIED 

One span on each of 2 bridges was instrumented for field study. These were span 
3 of the Route 607 and span 4 of the Route 15 bridges over Interstate 64. 

The Route 607 span was composed of 6 parallel girders; the Route 15 span was com
posed of 7. Figure 2 shows the dimensions and the locations of the test instrumentation 
for the Route 607 span. 

INSTRUMENTATION, TESTS, AND PROCEDURES 

The data collection techniques and measurement devices were selected to be of mini
mum obstruction and delay to the contractors during construction of the bridge and 
roadway grading. For obvious reasons, concrete placement operations could not be de
layed for long periods of time. Thus, the number of measurements taken during each 
delay in deck placement was limited to that which could be handled in approximately 10 
to 15 minutes. 
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Instrumentation 

A high-precision modified Wild "N-Ill" level, capable of direct readings to 0.001 in., 
was used for measuring the girder deflections. The level was mounted on a trivet that 
in turn was set in stationary lugs on the top of a pier cap at one end of the test span. 
In addition, the level was centered on the cap directly above one of the circular pier 
columns. 

Special design rod and scale units (Fig. 3) were attached to the lower flanges of each 
girder at the quarter-span and midspan length points. Engineer's scales with ½-in. 
major graduations were attached to the rods, and a reference scale was mounted to the 
pier cap at the end of the span opposite the position of the level instrument. 

A 24-channel Honeywell thermocouple recorder powered by a portable generator was 
used to collect temperature data on the steel girders. Thermocouples were placed on 
the top and bottom flanges of the girders at the quarter-span and midspan length points. 
The top flanges were emphasized, however, because it was expected that temperature 
variations would be greatest on the top side due to the concrete placement operation 
and other factors affecting the sun's radiation. A complete cycle of 24 thermocouples 
was made every 12 minutes during operation of the recorder. 

Both of the structures instrumented were designed with neoprene bearing pads lo
cated at the expansion ends of the spans. The dead-load deflections of these pads 
were measured by using dial gauges that were set as close to the centerline of bearing 
of each girder as was possible. In addition, deflection measurements were taken at a 
fixed-end steel bearing point to determine the order of magnitude of the vertical move
ment at these types of assemblies. 

Strain measurements, which will not be discussed in this paper, were taken on some 
of the diaphragm members as indicated in Figure 2. 

Test on the Plastic Concrete 

Tests made on the plastic concrete were restricted to the measurement of those 
properties that would have the most direct influence on the bridge girder deflections 
during deck placement. The following tests and measurements were made on both 
spans. 

1. The time of initial and final set (ASTM C403-68) was run on 3 representative 
batches of the deck concrete. 

2. Unit weight determinations (ASTM C138-63) were made at intervals selected to 
be generally representative of the concrete placed in each area between the girders. 

3. The temperature of the concrete was measured at discharge from the mixer 
trucks, and the ambient air temperature was recorded continuously during the place
ment operations. 

Field Study Procedures 

Initial readings were taken on all systems just prior to the beginning of deck place
ment operations. Subsequent measurements were taken by delaying placement opera
tions when the concrete deck load was, as nearly as practical, midway between 
adjacent girders (with the exception that the first delay for measurements was made 
between the second and third girders from the beginning side of the span). Final mea
surements were taken when all the concrete was in place with the exception of the 
thermal data, which were collected for several hours after completion of the decks. 

Temperature data were recorded automatically throughout the placement operations. 
In addition, temperature and deflection measurements were taken on the Route 607 span 
several days prior to concrete placement to investigate the independent effects on girder 
elevations of differential temperatures resulting from solar radiation. 

During deck concreting, a record of the time and sequence of events was maintained. 
With the exception of the placement delays for measurements, the contractor's normal 
procedures were used during construction. 

The deck concrete on each of the 2 spans was placed during warm and sunny weather. 
The air temperature during decking operations ranged from 66 to 89 F and from 64 to 
92 F respectively for the Route 15 and Route 607 spans. 
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Figure 1. longitudinal bridge deck screeding machine. 

Figure 2. locations and dimensions of test instrumentation for Route 
607 span. 
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The Route 607 span runs in a general north-south direction. Accordingly, the morn
ing sun falls on the east side of the superstructure and gradually passes over to the 
west side in the afternoon. During several sunny days in June and July, differential 
thermal and deflection readings were taken on the girders while only the deck forming 
was in place. With the deck forming in place, of course, the lower flanges of the in
terior girders were shielded from the sun. The exterior girder on the east side was 
exposed to the sun in the morning, and the exterior girder on the west side was ex
posed to the afternoon sun. In addition, the vertical forming on each side of the span 
tended to shield the top of the east girder in the morning and the top of the west girder 
late in the afternoon. A transverse section of the steel framing of this span is shown 
at the top of Figures 4a and 4b, which show respectively the average differential tem
peratures recorded between the top and bottom flanges of the girders and the resulting 
upward midspan deflections of the girders. 

At 7:00 a. m. on July 1, the temperature differential between the top and bottom 
flanges was virtually neutral (Fig. 4a), and the corresponding girder elevations at mid
span were recorded at that time and used as a reference (Fig. 4b). Comparisons of the 
temperature differentials at 10:00 a.m., 1:15 p.m., and 3:45 p.m. with the correspond
ing midspan deflections generally show that the upward deflection of the steel girders 
increases with increasing temperature differentials. In addition, a transfer of the 
thermal loading between girders via the diaphragm connections is indicated by the 
smooth transverse deflection pattern. Upward midspan deflections of 0.43 in. were 
recorded on girders 5 and 6 at 3:45 p. m. All the girders reached an upward deflection 
level of approximately % in. above the reference level during the early afternoon. As 
will be discussed in more detail later, thermal deflections of this order of magnitude 
could have a significant bearing on bridge deck thicknesses. 

It can also be noted that the differential temperatures varied transversely across 
the span width because of its orientation to the angle of the sun. Thus, not only did 
the midspan girder elevations vary significantly in magnitude, but also the slope of 
the transverse pattern of upward deflections reversed during the course of the day. 
This transverse "warping" effect, due to the sun moving toward the west, is shown 
in Figure 5, where the midspan girder elevations for 2 days are referenced to the 
elevations existing at 12:00 noon. A difference in the relative elevation of girders 6 
and 1 on the order of ¼ in. occurred between 12: 00 noon and 3: 45 p . m. on June 30. 
It can also be noted from Figure 5 that, during days of similar climatic conditions and 
at nearly the same time of day, the differential temperatures and thus the upward de
flections of the girders are quite similar. For the 2 comparative days illustrated, the 
maximum difference in elevation was ¼2 in. at girder 6. It might be concluded from 
these data that, for 2 days having similar weather, temperature, and solar conditions, 
the elevations of the girders will be close to identical at approximately the same time 
of day. It is apparent, however, that exact girder elevations cannot be established when 
any degree of solar radiation is present. 

During the thermal studies, temperatures on the order of 120 F were measured on 
the top flanges of the girders, but at middepth of the web the temperatures recorded 
were about the same as those on the lower flanges. It is likely that some of the heat 
from the top flanges is conducted down into the web but becomes insignificant before 
reaching the middepth level. 

Although the maximum temperature differentials recorded between the upper and 
lower flanges in this study were on the order of 25 F, it is possible to experience 
differentials of a higher order of magnitude. In a study of the thermal behavior of a 
box section type bridge in the London area, for example, Capps (3) has reported ex-
treme temperature differentials on the order of 50 F. -

It is important to note that solar radiation can cause changes in the elevations of 
bridge girders during daytime deck placement operations. When girder elevation 
changes are considered relative to the initial elevations measured for calculation of 
forming elevations, significant deck thickness can be lost if the span is longitudinally 



Figure 4. Upward midspan 
girder deflections due to 
differential temperatures 
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Figure 5. Midspan girder 
deflections and temperature 
differentials. 
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screeded (Fig. 6). If no temperature differential exists between the top and bottom 
flanges of a simply supported bridge girder, it is in a thermally neutral position (Fig. 
6a). Under conditions of solar radiation, differential temperatures will generate an 
expansive force, F, in the upper flange, which is resisted by an opposing force in the 
lower flange to create a bending moment, M. The resulting effect is an upward de
flection of the girder (Fig. 6b). If the deck forms are established to grades complying 
with the neutral position of the girder (but the concrete deck is screeded to grade under 
differential thermal conditions), the thickness of the deck will be decreased by an 
amount D. (Fig. 6c). 

The effects of solar radiation can be minimized by doing the following: Deck form
ing elevations should be established when the thermal conditions on the girders will 
approximate those anticipated at the time of concrete placement; and/or the deck forms 
should be adjusted vertically at a time when the thermal condition of the girders will 
approximate the condition expected to prevail at the time the concrete is screeded to 
grade. The latter precaution is important because the in-place forming will shield the 
lower portion of the girders from solar radiation and thus cause high differential tem
peratures on hot, sunny days. Solar thermal effects can be virtually negated, of 
course, by very early or very late deck placement operations. 

In addition to solar radiation, other general factors such as the temperatures of the 
plastic concrete and the ambient air can cause thermal differentials during deck place
ment. Typical data showing the net effect of all these factors are discussed later. 

Plan Girder Deflections 

Deflections given on the bridge plans for simply supported spans are usually calcu
lated by assuming each girder to be free to deflect as an individual unit. Thus, plan 
dead-load deflections are calculated by assuming that each interior girder, for example, 
will carry an equal portion of the concrete deck. By using this method, we found that 
the midspan deflections for the Route 607 interior girders were equal to 1.0 in. The 
plans, however, gave the value as 15/a in., or 0.63 in. too high. Had the plan value 
been used, the forms would have been set too high ; and with the longitudinal screeding 
the deck thickness would have been deficient by 0.63 in. (assuming that the correct 
conventionally calculated deflection represents the true situation and that all thermal 
factors are neglected). However, an inadequate deck thickness had resulted earlier 
on another bridge deck, and the contractor had made adjustments in the forming ele
vations to avert a similar occurrence on the test spans. 

Plan deflection errors on the high side, as other studies (2) have shown, are a 
major cause of inadequate deck thickness when longitudinal screeding is used and would 
have caused a deficient deck on the study spans if adjustments had not been made during 
construction. 

Field Versus Theoretical Girder Deflections 

The field deflection measurements taken during the deck placement operation natu
rally incorporate the existing thermal conditions on the girders. Accordingly, the 
actual midspan deflections of the girders for each deck loading increment are shown in 
Figure 7. Additional measurements taken approximately 3 hours after completion of 
the deck finishing (2:55 p.m. data, Fig. 7) clearly show that continued heating of the 
top girder flanges results in an upward deflection of the span. Viewed as a proportion 
of the total dead-load deflection at 11:40 a. m., this average 18 percent "thermal up
lift" demonstrates the remarkable forces generated by thermal differentials. 

The general transverse pattern of the midspan girder deflections for all loading 
intervals shows that the structural steel framing is acting as a unit due to the diaphragm 
connections between the girders. Thus, the basic questions are as follows: 

1. How do the actual deflections for each loading increment compare to those con
ventionally calculated? 

2. How do the actual deflections compare with those computed by assuming rigid 
or semirigid connections between all the girders? 

To study the latter question, we used a theoretical analysis of deflections of semi
rigidly connected girders. This analysis, which was developed by Lisle (~), utilizes 
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a modified stiffness matrix and has been programmed in Extended ALGOL 60 for solution 
on a Burroughs B5500 computer. The program can be used for computing deflections 
of bridge girder systems with any degree of end fixity at the diaphragm connections. 
Thus, an end fixity factor of 1 would represent a rigid connection, and 0 would represent 
a pinned connection. Any value between 0 and 1 would represent a semirigid con
nection. 

In using the program, the structural framing of a span is considered as a series of 
segments-each segment usually terminating at a connection. The moments of inertia 
of each segment are calculated by using conventional procedures . The differential 
thermal conditions existing on the girders at each loading increment can be accounted 
for in the program by applying calculated moments at the girder ends (as shown 
in Fig. 6) and at changes in the sectional dimensions of the girders. 

For the loading on the frame, the actual unit weights of the concrete were used. The 
total weight of the concrete was determined from the unit weights and the volumes 
placed in each loading increment. The total weight was proportioned to each girder 
according to the plan dimensions. Because much of the concrete on the span had not 
been screeded to grade at each loading increment, this procedure was considered to 
be reasonable. Thus, the programmed loading corresponded as nearly as was prac
tical to that existing during the field deflection measurements . 

Diaphragm Connection Rigidity 

A thorough theoretical analysis of a wide range of end fixity factors (EFF) was made 
for each loading increment shown in Figure 7. In general, very little difference was 
found between the deflections obtained by assuming EFF's ranging from 0.10 to 1.0. 
An EFF of 0.20, however, appeared to match the actual deflection patterns the closest. 
Consequently, the theoretical comparisons presented in this paper are based on semi
rigid diaphragm connections having an EFF of 0.20. For most practical purposes, this 
could be assumed to be virtually a rigid connection. 

Actual and Theoretical Deflection Comparisons 

Figures 8 through 11 compare the actual and the computed midspan deflections for 
each loading increment. The computed deflection values are shown both excluding and 
including the superilnposed differential thermal conditions ~n the girders. The con
ventional deflections are based on a uni t weight of 150 lb/ft for conc1·ete, which is 
c om monly used for calculating plan defleGtions . The followi ng observations are made 
from the data presented in the figures for several of the loading conditions . 

1. In general, the deflections by the frame analysis including thermal conditions 
are in very good agreement with the field deflections. 

2. The frame analysis excluding thermal conditions shows that the girder deflections 
would be considerably greater if differential thermal conditions did not exist. 

3. Both the field and the frame analysis results were markedly different from the 
conventionaliy calculated deflections. 

4. With reference to girder 2 during the third loading increment (Fig. 8), it can be 
observed that the concrete placement was 2 to 21/2 bays ahead of the final pass of the 
screeding machine over girder 2. (A bay is defined as the distance between adjacent 
girders.) Excluding thermal effects, the frame analysis deflection value is very nearly 
equal to the c onventional deflection . With r eference to the same point on Figure 9, 
which would constitute a 3- to 3½-bay lead, the deflection value for girder 2 is almost 
identical to that observed under the loading condition shown in Figure 8. Thus, the 
greater is the lag of the final screeding pass, the greater is the chance of the actual 
deflections being the same as the conventional plan deflections and the less the chance 
of the deck thickness being inadequate. For the span in question, a final screeding 
pass lag of 3 bays behind concrete placement appears to be ideal when conventionally 
calculated deflections are used for establishing forming elevations. 

5. General observations from the data presented indicate that the final screeding 
pass over the concrete averages a 2- to 3-bay lag behind concrete placement. Quite 
often, however, only a 2-bay lag was noted over some areas. 



Figure 6. Possible effects of solar 
radiation on bridge deck thickness 
when longitudinal screeding is used. 
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Figure 7. Midspan girder deflections 
due to concrete deck placement (Route 
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Figure 9. A comparison of actual field midspan deflections 
with computed deflections (loading interval 4, 9:45 a.m., 
Route 607, span 3). 
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Figure 10. A comparison of actual field midspan deflections with computed deflections (loading 
interval 5, 2:50 p.m., Route 607, span 3). 
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Figure 11. Temperature conditions during bridge deck placement (Route 15, 
span 4). 
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6. In one instance, the final pass of the screed was made with only a 1-bay lag. 
The difference between the field and conventional deflections at the final pass over 
girder 4 is 0.30 in. (Fig. 9). The deck thickness could possibly have been deficient by 
0.30 in. in that vicinity if the forms had been set utilizing conventional deflections and 
if the initial girder elevations (taken for bolster calculations) had been measured when 
the girders were in a thermally neutral condition. 

7. If we consider a hypothetical situation that would lnclude the same conditions 
listed in the preceding situation, an average 0.40-in. deficient deck thickness could 
occur between girders 3 and 4 during the third loading increment (Fig. 8) if only a 
1-bay lag were used in screeding the deck to grade . 

8. The thermal uplift of the span, which occuTred in a 3-hour period subsequent 
to completion of the deck finishing, was vel'ified by the frame analysis results, which 
check very closely with the field deflections at that time (Fig. 10). The final midspan 
deflection of the span as calculated from the frame analysis is in excellent agreement 
with the conventionally calculated deflection (Fig. 10). 

Bearing Pad Deflections 

The results of measurements made at the neoprene expansion bearing pads during 
placement of the concrete on the Route 607 span indicated only slight vertical move
ments. The greatest pad deflection, 0.035 in. occurred under the first girder loaded 
with the plastic co11crete . In general, the first pads that were loaded compressed the 
most, and the last several pads that were loaded compressed to a lesser degree. The 
average pad compression, which was on the order of 0.02 in., would have an additive 
but insignificant effect on deck thickness and does not warrant consideration in design 
or field calculations. 

Measurements taken at a steel bearing assembly on the fixed end of the span indi
cated very slight vertical movements . The maximum comp1·ession measured was 0.01 
in.-considerably less than the average at the neoprene bearings. 

ROUTE 15 SPAN RESULTS 

The results of the field measurements and data analysis on the Route 15 span were 
much the same as those presented for the Route 607 span. Because the latter results 
have been discussed in considerable detail, treatment of the Route 15 data will be con
fined to observations of the thermal conditions during deck placement. 

Thermal data taken during placement of the Ro\tte 15 span are shown in Figure 11, 
and the following observations are presented. 

1. The data clearly indicate that temperature differentials exist on the steel girders 
during summer daytime deck placement operations. 

2. The temperature on the top flanges of the girders increased rapidly because of 
solar radiation until the concrete was placed over them. 

3. After the concrete h:.i.d been placed, the average rate of rise of the temperature 
on the top flanges was usually less than that of the ambient air temperature. On 
girders 5, 6, and 7 where the concrete was placed after 10:30 a.m., a net cooling of 
the top flanges prior to final set (4,000-psi penetration resistance) resulted. 

4. The general rate of temperature rise 011 the bottom flanges was s lightly less 
than the average rate of increase in the ambien t air temperature (with the exception 
of girder 6 011 the ea13t side, which was exposed to morning solar radiation). The tem
perature on the bottom flanges of the girders was always less than the ambient air 
temperature adjacent to the deck. 

Although the heat of hydration of the concrete prior to final set may have had some 
effect on the increased temperature of the top flanges of girders l, 2, and 3, the 
evidence suggests that solar radiation, inc reasing ambient alr temperature, and initial 
temperature of the plastic concrete were responsible for the increase. 

DISCUSSION OF RE SUL TS 

Although there was usually a reasonable lag between concrete placement and the 
final longitudinal screeding pass over a given area, occasionally there was only a 1-
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or 2-bay lag. There would appear to be a need to compensate for such instances when 
conventional plan deflections are used to establish forming elevations. If one considers 
the hypothetical situation discussed in the Route 607 results, a 40 percent reduction 
in the plan girder deflections would have been needed to avert a 0.40-in. deficient deck 
thickness. On the other hand, if deck forming elevations were established to minimize 
the potential thermal differentials, only a 26 percent reduction in conventional plan 
deflections would be needed. Clearly, a routine reduction in conventional plan deflec
tion values of at least 25 percent appears warranted where a sufficient lag between 
concrete placement and screeding cannot be ensured. 

The results indicated that the bolted diaphragm connections act in a semirigid fash
ion on the 2 spans tested, but for most practical calculations they could be assumed to 
be rigid. Use of conventionally calculated dead-load deflections appears to be adequate 
as long as final longitudinal screeding follows concrete placement by approximately 3-
bay lengths. This result, however, must be qualified to structures similar to those 
tested. Bridges on heavy skews, for example, would represent a different situation, 
and the use of conventional plan dead-load deflection values and longitudinal screeding 
could be quite risky. 

CONCLUSIONS 

The following conclusions are based on the results of the field and analytical study 
and pertain only to bridge decks constructed by use of the full-span longitudinal con
crete placement and screeding technique. 

1. Differential temperatures between the top and bottom flanges of steel girders 
can be quite high-due to solar radiation-when the deck forms are in place. The 
resulting effect is an upward deflection of the girders. If bridge deck forms are es
tablished to grades complying essentially with a thermally neutral condition on the 
girders, but the concrete deck is screeded to grade during differential thermal condi
tions, a deficient deck thickness could result. Upward midspan deflections on the 
order of 0.40 in. due to solar radiation were measured on a 96-ft 2-in. long steel 
girder span. 

2. It is apparent that exact steel girder elevations cannot be established when any 
degree of solar radiation is present. On different days having similar weather, tem
perature, and solar conditions, however, the elevations of the girders will be almost 
identical at approximately the same time of day . 

3. The heat of hydration of plastic concrete prior to initial set would have an in
significant effect on girder deflections for warm-weather deck placement conditions. 
The evidence suggests that solar radiation, changes in air temperature, and initial 
temperature of the plastic concrete influence girder temperatures more than does the 
heat of hydration. In this respect, it should be noted that differential girder tempera
tures could develop during cold-weather concrete placement as well as during warm
weather placement. 

4. The average compression of the neoprene bearing pads (due to the dead load of 
the concrete deck) was on the order of 0.02 in., which does not warrant consideration 
in the calculation of dead-load deflections. 

5. This study and others (2) indicate that there is a tendency for plan dead-load 
deflections to be in error on the high side. Thus, the deck forms would be set too 
high, and with full-span longitudinal screeding a deficiency in deck thickness would 
result. Plan deflection errors are believed to be due to the inclusion of the dead 
weights of all superstructure components in the calculations rather than the use of con
crete deck weights only. 

6. The field deflection measurements show that the structural steel framing of each 
of the 2 spans tested acted as a unit because of the diaphragm connections between the 
girders. 

7. A comparison of the field deflection data with a theoretical analysis of deflec
tions of semirigidly connected girders suggests that the bolted diaphragm connections 
on the 2 study spans act in a semirigid fashion. It was estimated from the compari
son that the connections have an end fixity factor of approximately 0.20, which in effect 
is not greatly different from a rigid connection with an end fixity factor of 1.0. 



68 

8. For the 2 spans tested, the conventionally calculated dead-load deflection values 
were found to check very close to the actual field deflections when concrete placement 
was 2½ to 3 bays beyond the girder in question. Thus, if the final screeding pass had 
lagged behind concrete placement by at least 3 bays, the conventionally calculated dead
load deflections would have been acceptable for both study spans. This result, how
ever, must be qualified to structures similar to the 2 study spans. Bridges with high 
skew angles, for example, would likely present a different situation. 

9. At a point where roughly three-quarters of the deck concrete had been placed, 
however, there was a tendency on both study spans for the final pass of the longitudinal 
screeding machine to follow too closely behind concrete placement. It is concluded 
that the plan dead-load deflection values, after being checked to ensure correctness, 
should be reduced by 25 percent to compensate for such occurrences on simple-span 
structures. 
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PREFORMED ELASTOMERIC BRIDGE JOINT SEALERS: 
INTERIM GUIDE FOR DESIGN 
AND CONSTRUCTION OF JOINTS 
George S. Kozlov, New Jersey Department of Transportation 

As a result of several years of research that culminated in the construc
tion of two experimental bridges, it now becomes possible to present 
engineers with procedures for the design and construction of adequately 
sealed bridge joints. These procedures are offered as an interim solution 
until research provides further evidence or improvements or both. The 
paper suggests armored joint construction sealed with preformed elas
tomeric sealers as the most advantageous solution to the problem of sealing 
joints in bridges. 

•SINCE 1965 the New Jersey Department of Transportation has been conducting a re
search study dealing with preformed sealers for bridge decks. The results of this 
study were presented in three previous papers (1, 2, 3). In the first of these papers, 
it was stated that there was no adequate solutionto-the problem of effectively sealing 
joints in bridges. In all three papers, a succession of solutions was offered, which 
covered the design of bridge joints and preformed sealers, their application in con
struction, and the thermal characteristics of bridge end movements. In 1969, an ex
periment was undertaken in which two bridge structures were built utilizing the sug
gested design and construction procedures; all joints were redesigned and constructed 
as recommended by the research. Armored-joint construction and sawed-joint con
struction were used for expansion joints and fixed joints respectively. The purpose of 
this paper is to present engineers with procedures for the design and construction of 
adequately sealed joints, based on the findings of New Jersey's previous subject re
search and the results of this experiment. 

SUMMARY OF SUPPORTING RESEARCH 

For a period of several years, continual field observations were made of 17 bridge 
structures scattered throughout the state of New Jersey. Based on the trends revealed 
by these observations, an analysis was made of current and proposed joint construction 
and sealing methods and practices, including those of other states and countries. The 
findings indicated that current sealing systems are malfunctioning primarily because 
of inadequate construction practices. Nevertheless, it appeared that one particular 
system, preformed elastomeric sealers, could be made to function properly, provided 
that the sealer material and bridge behavior were understood; new design and con
struction methods were offered (1). 

Supported by up-to-date knowiedge of sealer material, tentative qualification and 
identification specifications were developed. These specifications, being realistic and 
closely related to field application, are now furnishing producers and users with prac
tical ways to develop and/ or identify a reasonably adequate product (2). 

Because field observations led to the conclusions that the bridge deck end movements 
could, to a great degree, be identified as thermal in character, an attempt was made to 
summarize the reliable theoretical background of the thermal characteristics of a con
crete bridge deck @_). 

Sponsored by Committee on Sealants and Filler for Joints and Cracks. 
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The information gained in the investigation of e!astomeric sealers and joint move
ments eventually led to the development of new procedures for bridge joint design and 
construction. Finally, two experimental bridges were constructed to test the new pro
cedures. 

To ensure the correlation between the sealer specification and its functioual applica
tion and between the temperature and bridge end movements, we initiated an ongoing 
research program. 

TEST INSTALLATION 

The subject experiment was developed and executed by utilizing as a base the tech
niques outlined in the first two papers (1, 2). The specific procedures used are sum
marized in Appendixes A, B, and C. The appendixes descl.'ibe the selection of the 
sealer, the construction procedures of an armored joint, and the design of the joint 
armor. The sawed-joint procedure is omitted because it proved ineffectual. As part 
of the experiment, the sealer material was evaluated in accordance with latest New 
Jersey Department of Transportation preformed sealer specifications (2). 

As is frequently the case, there were deviations in design and especially in execution 
of construction because of unforeseen circumstances. In New Jersey, the actual de
sign and construction of joints and the installation of sealers are accomplished through 
consultants and contractors. With guidance from the department's research division, 
the consultant designed the joint armor and supplied supplemental construction draw
ings. Unfortunately, the drawings specified an excessive anchor spacing (18 in.). 

The anchorage was supplemented by welding every available reinforcement bar to 
the joint's armor. However, some construction deviations also occurred, such as in 
the forming and sawing of joints, which could not be corrected. 

The two experimental bridges have now been open to traffic for 2 years. In the 
spring of both years, dye tests were performed on these bridges for the purpose of 
detecting joint leakage. 

DYE TESTS 

Various colors of dye were used to locate the origin and determine the cause of leaks 
in bridge joint sealers. The dyes were poured at carefully selected points and were 
traced by observation of their destination. Generally, the tests were performed during 
weather conditions that would be most conducive to joint leakage, i.e., freezing and 
thawing with precipitation. Observation continued until results were ascertained. The 
only leak that to date has occurred in a fixed joint is attributed to a fault in construction. 

CONCLUSIONS 

To date, the sawed and armored joints on both bridges do not leak. The results of 
this experiment appear to bear out the earlier suggestions made regarding proper de
sign and construction procedures (1, 2). 

It is essential to recognize the realities of joint design and construction. In the 
absence of adequate quality control in construction, no material and no method of ap
plication will succeed. Joint-sealing and construction should be carried out by spe
cialists, and adequate construction supervision should be provided. In addition, the 
experiment leads to the following conclusions, which reflect the current state of the art 
regarding joint-design and construction practices and procedures. 

1. The experimental design approach initiated on the bridges has proved its merit. 
Briefly, basic design principles are as follows. Deck joints shall be horizontally 
straight from outer edge to outer edge, and the sidewalk joints shall be directly above 
them in the same straight fashion; main sealers are placed out to out. Sidewalk sealers 
are also placed out to out, i.e., bottom of curb to outside, with only one vertical shallow 
bend (60 deg) at the curb (Appendix B, Figs. 3 and 5 through 7). 

2. The sawed joints are functioning because they are fixed joints; i.e., they do not 
incur the degree of movement of an expansion joint. Also, they have the advantage of 
being designed in accordance with the specialized procedures shown in Appendix A. 
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The results of poor sawed-joint construction could have been improved if the sealer 
in a few of the experimental joints had been replaced. Replacement of sealers is ill
advised unless it is performed with great care; it is expensive, and also inconveniences 
motorists. For these reasons, no sealers were replaced in this experiment. If the 
sealers in fixed joints (sawed} are replaced, as they should have been in at least one 
bridge, care should be taken not to jeopardize the functional efficiency of the replace
ment sealers. Because the joints were sawed improperly, they woula first need to be 
resawed and then thoroughly cleaned and/or adequately repaired and prepared. Imme
diately thereafter, a proper-size continuous sealer should be installed in accordance 
with the originally established procedures. Prior to installation, sealers must be tested 
and approved by the department's bureau of quality control laboratory. Continual and 
adequate supervision is most essential. Of course, the best way to replace sealers is 
to utilize the armored type of joint construction and the recommended procedures. 

3. The armored type of joint design appears to be the most advantageous of existing 
solutions to the joint design problem. 

RECOMMENDATIONS 

The experimental construction discussed here refers to only two bridges, each hav
ing only one simple span; yet far-reaching conclusions and broad recommendations have 
been made in this paper because the experimental installations represent several years 
of research effort in this field. The following recommendations are offered as an in
terim solution until more scientific information becomes available. 

1. Adoption of the bridge joint design approach as outlined elsewhere (1, 2) and sum
marized in Appendix A is advised. In both experimental bridges, design ancf develop
ment of joints was fashioned in accordance with suggestions made in the previous papers 
(1, 2, 3). 
- 2. Also suggested is the adoption of the design and construction procedures for joint 
armor as given in Appendixes B and C. Further discussion of armored-joint design 
and development can be found elsewhere (4, 6). Holland's discussion (6) has been 
clarified by Deuce. The essence of this c1anfication is as follows: (aT ... soundly 
constructed joints designed in accordance with the instructions given in Clause 7e 
should be satisfactory; (b} ... it was not intended to limit the application of the rules 
from applying to the turned down angle type of armoring; and (c) ... the vertical load
ing is taken directly from BS 153 (7) and has not so far been substantiated by actual 
loading measurements on joints. The horizontal loading was recommended as a re
sult of the survey of expansion joints. In the United States there seems to be no spec
ification available that is directly involved in the design of armored joints. For this 
reason, as an interim measure I have, adopted the use of existing related AASHO 
specifications (8) as shown in Appendix C. 

3. For bridges with spans larger than those given in Tables 1 and 2 in Appendix A, the 
experimental installation of a "modular sealing system" advocated by Watson (5) should 
be attempted. The design approach for the modular system is similar to Watson's 
method. 

4. Although various types of armored joints are given, their design is often question
able from structural as well as functional points of view. There are basically two prob
lems that may lead to overdesign or the structural failure of armored joints. The first 
problem is that of determining accurate load distribution factors and dynamic load and 
impact factors. The second problem is in the actual stress analysis of the structurally 
indeterminate armored joint. More research is needed to solve these problems. 

5. The sealer selection should be guided by the realization of the fact that there are 
two completely different types of preformed sealers. One is a compression sealer 
identified by its ability to produce considerable pressure when compressed. The other 
type could be called a compression-extension sealer and is currently identified as being 
very pliable and exerting little pressure when compressed but capable of accommodating 
some elongation if properly installed. The preformed compression sealer, which already 
has proved itself in widespread application, is the one discussed here. The compression
extension sealer should be researched separately because the prerequisites for its use 
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are the positive means of its adhesion to the joint's sides. With the advent of prefab
ricated joint armament systems, this type of sealer could be used. 
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At-'t-'t:.NUIX A 

SELECTION PROCEDURE FOR SEALERS 

The selection procedure described here accomplishes basically two purposes. It 
establishes the size of sealer to be used in a joint, and it determines at what width the 
joint must be constructed to ensure the effectiveness of the sealer. To utilize these 
procedures, one must set forth ahead of time the capabilities of the sealer in terms of 
three parameters: X..u, Ya vg , and Zm1n. Each of the parameters is the ratio of the width 
of the sealers at a certain level of compression to its original preformed width Wn, 
multiplied by 100. Zain is the value of the ratio at the maximum permitted compression 
of the sealer. Yavg is the desired value of the ratio at the time of sealer installation. 
X.u is the value of the ratio at the minimum permitted compression of the sealer 
(enough compression to prevent leakage between sealer and joint face). 

For the type of sealers currently available, it would appear that X.ax can be no more 
than 80 percent, Za1n should be 40 to 50 percent, and therefore Yavs should be approxi
mately 60 percent. 

The design essentially consists of establishing from Figure 1 the maximum expan
sion and contraction movements to be experienced at the joint for expected differences 
between installation deck temperature and subsequent deck temperatures. By using 
these movements and by applying the X.ax, Yav,, and z.1n values to an estimated sealer 
size, the construction width of the joint is then determined through a trial-and-error 
process. 

As an example of the application of the data shown in Figures 1 and 2, a solution for 
a bridge with a span L = 60 ft is given. For New Jersey, a concrete temperature range 
of O to 100 F is assumed as being realistic. The wide range of sealer installation and 
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Table 1. Guide to design of sealers. 

At 30 to 90 F 
At 100 F At OF Limits 

w, A at w, A at of Span 
(in. ) WJ • iD z At= 70 F (in.) y At= 90 F wJ .. .1 X (ft) 

1½ 0.875 0.58 0.00 '/, 0.58 0.00 ,0.875 0.58 Up to 40 
0.695 0.46 0.18 0.24 1.115 0.74 

1¾ 0.945 0.54 0.18 11/, 0.64 0.24 1.365 0.78 40 to 45 
0.915 0.52 0.21 0.27 1.395 0.80 

2 1.04 0.52 0.21 1¼ 0.625 0.27 1.52 0.76 45 to 55 
1.00 0.50 0.25 0.33 1.58 0.79 

2'/, L25 0.50 0.25 1½ 0.60 0.33 1.83 0.73 55 to 70 
1.18 0.47 0.32 0.42 1.92 0.77 

3 1.555 0.52 0.32 1 '/, 0.625 0.42 2.295 0.765 70 to 90 
1.455 0.485 0.42 0.53 2.405 0.80 

4 2.08 0.52 0.42 2½ 0.625 0.53 3.03 0.76 90 to 120 
1.95 0.49 0.55 0.71 3.21 0.80 

5 2.575 0.515 0.55 31/, 0.625 0.71 3.835 0.77 120 to 150 
2.435 0.49 0.69 0.89 4.015 0.80 

6 3.06 0.51 0.69 3¾ 0.625 0.89 4.64 0.77 150 to 180 
2.92 0.49 0.83 1.07 4.82 0.80 

Note: All the temperatures given in the table are those of the concrete. Because these temperatures cannot readily be mea-
sured, the daily average temperature of the air with a tolerance of +5 to +10 F would be currently acceptable. 

Temperature range: 0 to 100 F 
Construction temperature: 30 to 90 F 
Installation temperature: 30 to 90 F 
Degrees of efficiency: Zmn = ± 0.50 Wn; Y 1Yerege = ± 0.60 to 0.65 Wn; and Xm,x = ± 0 .80 Wn 

Table 2. Sealer design guide. 

At 30 to 90 F 
At 100 F At OF Limits 

w, ti at w, ti at of Span 
(in.) w, z tit = 70 F (in.) y At= 90 F wJ• .. Jl X (ft) "'' 
1½ 0.875 0.58 0.0 '/, 0.58 0.0 0.875 0.58 Up to 55 

0.621 0.41 0.254 0.327 1.202 0.80 

1¾ 0.746 0.43 0.254 0.57 0.327 1.327 0.75 55 to 65 
0.700 0.40 0.300 0.386 1.386 0.79 

2 0.825 0.41 0.300 1 '/, 0.56 0.386 1.511 0.76 65 to 75 
0.778 0.39 0.347 0.446 1.571 0.79 

2'/, 1.153 0.46 0.347 1½ 0.60 0.446 1.946 0.78 75 to 90 
1.084 0.43 0.416 0.535 2.035 0.81 

3 1.334 0.44 0.416 1'/4 0.58 0.535 2.285 0.76 90 to 110 
1.242 0.41 0.508 0.653 2.403 0.80 

4 1.867 0.47 0.508 2'/, 0.59 0.653 3.028 0.75 110 to 150 
1.682 0.42 0.693 0.891 3.266 0.81 

2.182 0.44 0.693 2'/, 0.57 0.891 3.766 0.75 150 to 200 
1.951 0.39 0.924 1.188 4.063 0.81 

6 2.576 0.42 0.924 3½ 0.58 1.188 4.688 0.78 200 to 220 
2.484 0.41 1.016 1.307 4.807 0.80 

Note: All the temperatures given in the table are those of the concrete. Because these temperatures cannot readily be mea• 
sured, the daily average temperature of the air with a tolerance of +5 to +10 F would be currently acceptable. 

Temperature range: 0 to 100 F 
Construction temperature: 30 to 90 F 
Installation temperature: 30 to 90 F 
Degrees of efficiency: ZrTin ""0.40 Wn ±; Y BVerega = 0 ~60 Wn ±: and X.,.. = 0 .80 Wn±· 
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Figure 1. "Li" movement for S!. = 
50 to 200 ft and t = -20 to 120 F. 

Figure 2. Joint sealer efficiency chart. 
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construction temperatures of 30 to 90 F* is selected with required limits on efficiency 
coefficients taken as 

z.1n = ± 50 percent at minimum width of joint (Wl• tn ) and 100 F, 
Yav, = ± 60 percent at ins tallation width of joint (Wl, .. t) and installation temperature 

from 30 to 90 F, and 
X,..x = ± 80 percent at maximum width of joint (WJ ) and 0 F. -· Step 1: From Figure 1, using maximum temperature differences between maximum 

and minimum concrete and installation temperature ranges of At= 70 F (100 - 30 F) 
and 90 F (90 - 0 F), we read off the bridge end movements of A= 0.28-in. expansion 
and 0.36-in. contraction. 

Step 2: By estimating the sealer size Wn = 2.5 in. (Tables 1 and 2) and by using the 
limits Z = 0.5 Wn and X = 0.8 Wn, we find from Figure 2 that W3• 1n = 1.25 in. and W 3 = 
2.00 in, _ l&X 

{WJ - W3 )/2 = 0. 75/2 = 0.375 in. > 0.36 in. (maximum joint movement). 
•a.x J l D 

Thus, the joint construction width should be 

WJ = 1½ in. with Yinatauauon = 0.60 Wn oonatruotion 

The width of joint (W, t ti ) is measured at the upper portion of the joint where the 
"'oona ruo on 

sealer is located. 

APPENDIX B 
CONSTRUCTION PROCEDURE FOR ARMORED JOINTS 

The concept of this method is that the entire system (armor plates with straps and 
seats welded to them and sealer properly precompressed between the plates and the 
supporting elements, such as clamps and attached bolts) is preassembled and then 
placed into the joint before the concrete is poured. 

The procedure used should satisfy the design requirements and, at the same time, 
give the fullest possible consideration to construction practices. 

On this basis, the best approach would be to have the elements of the system pre
assembled to the fullest practicable degr ee, delivered to the construction site, and as
sembled completely there. The deck should be poured so as to leave the necessary recess 
with deck reinforcement properly extended into it. After the concrete is set, the as
sembly can be placed into the recess, properly located, and the width of the joint be
tween the armor plates adjusted in accordance with the design requirements; then the 
bar-straps should be welded to the main deck reinforcement. The recess should be 
filled to the level A (Fig. 3) with optimum-packed-up concrete of good quality. After 
the concrete in the recess is set, the supporting elements should be removed and the 
surfacing of the deck at the joint carefully completed. 

This procedure, with a little care in construction, should give a satisfactorily sealed 
joint. 

The armored deck joints should be continuous throughout the full width of the deck, 
and termination should be accomplished as shown in Figures 4 through 7. It is obvious 
that the armor is utilized for a dual purpose: to armor the joints where necessary and 
to form the best sealed joint possible. 

The seal groove in the sidewalk should also be armored in the same manner, with 
the curb and outside ends installed as shown in Figures 3 through 7. A stay-in-place 
anchor seat could be added in the curb end at the bottom outside face of the armor 
shapes. 

All steel of the armor network should be painted. In addition it is recommended 
that the armor be of ASTM A-242 steel. The stable rust characteristics of this mate-



Figure 3. Armored joint detail, section A-A. 
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Figure 6. Armored joint detail, safety walk and curb location. 
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rial will serve advantageously in those areas where paint is likely to deteriorate rapidly 
with traffic. 

Standard lubricant-adhesive shall be applied on both sides of the sealer when located 
in the armor. 

APPENDIX C 
DESIGN PROCEDURE FOR ARMORED JOINTS 

j x 1f ANCHOR 

lei) 12· o.c. 

j STIFFENER 

~ 4'•0· o.c. 

j X It ANCHOR 

la) 4" o.c. 

~------~----

~ 
iv 

T L- 2.0"--~ 
6 ,0" 

Loads 

The accompanying figure is for design pur
poses only; assume that the concrete above 
line L-K gives no support to angle. 

The following data are AASHO specifications 
(~) for HS 20-44 loading: 

1. Concentrated loads (for shear), 26.0 kips; 
2. Wheel load (for horizontal shear), 16.0 kips; 
3. Impact fraction, 30 percent; 
4. Friction factor for horizontal load, 0. 75; 
5. Moment per foot of cantilever slab= (Px/E); 

and 
6. Case B: E = 0.35 X + 3.2. 

V = 26.0 + 0.3 x 26.0 = 33.8 K/E 
H = 16.0 x 0.75 = 12.0 K/ E 

Load distribution: 

E 1 0.35 x 0.5 + 3.2 = 3.375 ft 
E2 3.2 ft 
E3 0.35 x 0.17 + 3.2 = 3.26 ft 
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In absence of definite guidelines, I am exercising my judgment in making reasonably 
severe assumptions. The following comment (i) is applicable. 

The severity of the forces acting on the edges of the joint increases with the gap width. This 
necessitates the provision of a steel edge-protection strip which must be so rigid and so closely 
anchored that it forms an indissoluble composite structure with the bridge deck. The prereq
uisite for this is that the steel components should be securely joined to the concrete at all con
tact surfaces. 

R Iv 

\© 
+-11 

ALT I 

C 

R = ✓V2 + H2 

Moment about support A: 

(R X r1) - (C X r3) = 0 

C = (r1/r3) X R = r1/r3 X ✓v2 + H2 

C = 2.1/1.6 ✓(33.8/3.375) 2 + (12.0/3.20) 2 

C = 14.03 K/ft 

Moment about support B: 

(R X r2) - (T X r4) = 0 

T = (r2/r4) x R = r~r4 ✓v2 + H 2 

T = 2.55/4.95 ✓(33.8/3.2) 2 + (12.0/3.26)2 

T = 5.77 K/ft 

If T = ✓T~ + T~ and Tv = TH (at 45 deg), then 
Tv =TH= 0.707 T = 4.08 K/ft 

Welding stresses ~) 

HL = HR = H = 5/12 fh L 

Pr = 0. 707 fALL DL1 

(Tv - Pr) X 17/18 L = HL x 2/3 L 

Therefore, 

fh = 17/5 L (Tv - 0.707 fm DL1) 

fv = TH/(2L + L1) 

fr=~ 

Anchors at 12 in. 0. C.: Tv = 4.08K; L1 = 
1.5 in. (width of strap); L = 1.0 in.; D = 5/16 in. 
(size of weld); and fr = 0. 707 f ALL D. 

fh = (17/5 X 1.0) (4.08 - 0.331 f) = 13.85 -
1.13 f 

fv = (4,08/3.5) = 1.17 

0.221 f = ✓(13.85 - 1.13 f) 2 + 1.172 

f = 10.7 K/in. 2 < fALL 
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Alternate 1; anchors at 12 in. 0. C. : 

0.707 x f x D x 2L = C 

f = C/(1.41 x D x L) = 14.03/ 0.442L = 31.8/ L 

For L = 3.0 in. each side, 

f = 31.8/ 3.0 = 10.6 K/ in. 2 < /ALL 

Bearing: Available L = 9.0 in. Assuming triangular bearing distribution, bearing 
stress shall be 

!BEAR= C/ A= C/ (1.5 x L/ 2) = 2C/1.5L = (2 x 14.03)/ (l.5L) = 18.73/ L 

fsEAR = 18.73/ 9.0 = 2.08 K/ in. 2 > fALL 

Alternate 2, n anchors (welding stresses): 

0.707 f x D x 2(a + b) x n = C 

f = C/ (0.707 x D x 3.75 x n) = (14.03)/ (0.83 x n) = 16.95/n 

For n = 2 or at 6 in. O. C., 

f = 16.95/2 = 8.5 K/ in. 2 < fALL 

Shear stresses: 

fsH = C/ {A x n) = ll4.0::!)/ lU.::!7o x U> x n) = 20.u/ n 

'Ji"ru• n - ?. 
.L '"' ........ - -, 

fsH = 25.0/ 2 = 12.5 K/ in. 2 < fm 

Bearing (alternate 2): Available L = 10.5 in. 

!am= C/ (1.5 x L/ 2 x n) = (2 x C)/ (1.5 x L x n) = (2 x 14.03)/ (1.5 x 10.5 x n) = 1.78/ n 

For n = 3 or at 4 in. O.C., 

fsEAR = 1.78/ 3 = 0.593 K/ in.2 
< fm 

Therefore, use bottom anchors at 4 in. O. C. 

· Tension stresses in top anchors: 

fr= T/ A = (5.77)/ (0.375 x 1.5) = 10.28 K/ in.2 < f m 

Bond stresses: Assuming that hook shall develop 50 percent of the allowable stress 
in the strap, the bond stress shall be 
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fsoNo = T/[2(a+ b) L x2]= (5.77)/(7.5 x L) = 0.77/L 

For L = 7 in., 

fsoNo = 0.77/7.0 = 0.11 K/in, 2 < fALL 

Headers 

Failure of headers is not uncommon and has been observed personally by the re-
searcher. It is believed that causes for their failure are as follows: 

1. Loading, such as indicated in armor design; 
2. Inadequate preparation of the backfill; and 
3. Concrete approach slabs directly supported by headers. 

For the second problem, only one remedy can be suggested-improvement of quality 
control in construction. 

Design 

The following are AASHO design specifications: 

1. Concentrated loads, 26.0 kips; 
2. Wheel loads for horizontal shear, 16.0 kips; 
3. Impact fraction, 30 percent; and 
4. Friction factor for tire against concrete, 1.0. 

Cantilever slabs: Moment per foot of slab= 
P/E X, where E = (0.35 X) + (3.2). Thus, V = 
33.8 K/E and H = 16.0 x 1.0 = 16.0 K/E. 

Load distribution: 

E = 0.35 x 1.5 + 3.2 = 3.725 ft 

Moment about plane A-B: 

M = (33.8)/(3.725) x (b/2) + (16.0)/(3.725) x h + 
Ps x h/3 

Total vertical load: 

N = (33.8)/(3.725) + 0.15 X 1.52 
X 1.0 

Reinforcement design (10): 

e = (12 x M)/N) + d (in.) 

P = N(e - jd)/jd (K/ft width) 

Although the stresses in the vicinity of point A are somewhat small because of mov
ing loads, it is suggested that the same reinforcement be used on both sides of a header. 

The problem of approach slabs is complex, especially if a rigid slab is supported 
on one end elastically and on the other end off a vertically rigid but horizontally flimsy 
support such as a header. 

In such a case, the vertical effect on a header would be an eccentrically located static 
load and a distinctly possible substantial horizontal static force as well as other dynamic 
reactions. 

A joint that is not permitted to function as designed cannot be sealed. Even a perfect 
solution of the joint sealing problem will be useless if a header failure disallows proper 
functioning of the joint. 

In the experimental bridges, approach slabs were removed, and inadequate prepara
tion of the backfill had to be overcome. 



REPORT CONCERNING OBJECTS THROWN 
FROM STRUCTURES ONTO FREEWAYS 
IN MILWAUKEE COUNTY 
Clayton A. Harley, Wisconsin Department of Transportation 

ABRIDGMENT 
•THIS paper presents a statistical compilation of reported occurrences of objects 
thrown onto freeways from structure overcrossings. All occurrences from January 1, 
1967, to May 12, 1970, are categorized and analyzed with respect to location and time. 
A majority of occurrences took place on one relatively short section of the North-South 
Freeway. Most occurrences take place during after-school hours. Fencing on struc
tures has almost, but not completely, eliminated the problem. The data can be used in 
making decisions to fence existing and future bridges over freeways located in similar 
neighborhoods or having similar pedestrian characteristics. 

Sponsored by Committee on Roadside Maintenance. 
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REPAIR OF SPALLING BRIDGE DECKS 
John C. Kliethermes, Federal Highway Administration 

Moisture, humidity, concrete cover, and age coupled with the increasing 
rate of chloride applications are causing embedded reinforcement steel to 
corrode and result in an alarming amount of bridge deck spalling. The 
spalling reduces the riding quality of the bridge and may have an effect on 
the structuralintegrity of the structure. The annual national cost associated 
with the repair is estimated to be approximately $ 40 million per year. The 
spalling problem is dealt with throughout the country by using various patch
ing techniques. The permanency , i.e., time to replacement, of these patches 
has become critical especially in high traffic volume areas. Many patches 
are failing after relatively short service periods and cause numerous traffic 
interference problems. This paper discusses several patching techniques 
that will increase service life. The California Division of Highways through 
a highway planning and research project developed a nondestructive instru
ment that will detect corrosion in reinforced concrete structures. This 
paper also describes how this instrument may be put into operational use. 
Based on a bridge inventory using this equipment, a deck classification sys
tem is proposed that defines the type and extent of repairs that can be made. 
The classification also permits an administrative evaluation for maintenance 
and reconstruction scheduling. 

•CONCRETE spalling and concrete delamination are generally recognized as the most 
serious and troublesome kinds of bridge deck deterioration. This deterioration re
sults primarily from corrosion forces that radiate from the embedded steel. The 
forces normally produce cracks in the deck surface, which spall and ultimately expose 
the l'.einforcement. As a result, riding quality is impaired and structural integrity 
and safety may be severely reduced. It is now known that about 50 percent of the states 
are faced with a major deck repair or replacement program. The remaining states 
have not escaped the problem but are effected to a lesser degree. 

In November 1971, the Federal Highway Administration (FHWA) completed its demon
stration of a corrosion detection device in 46 states. As a result of the demonstration, 
we made some general observations and noted several trends in bridge deck repair. 
We have analyzed data collected during the demonstration program and found that the 
most serious deck spalling can be related to general geographical areas. A definite 
correlation was noted between salt usage and deck condition. In areas where little or 
no salt was used, spalling was not evident regardless of the age of the structure. 
Where structures had been exposed to heavy salting, deck spalling was found to be a 
serious maintenance problem. We also found that the method of repairing spalls varies 
from state to state and that numerous membranes and special deck treatments are 
being evaluated. It was apparent that there was considerable concern and interest in 
finding a way to control the effects of de-icing chemicals. 

Much work has been done to analyze what happens when concrete is exposed to 
chemicals. Steel in concrete is protected from corrosion by the natural alkalinity of 
the concrete. This protection is related to the pH factor of the concrete, which is 
usually between 12 and 13. When sufficient amounts of chlorides are absorbed by the 

Sponsored by Committee on Structures Maintenance. 
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concrete, the pH factor ·will eventually decrease until the concrete r.an no longer pro
tect the steel. If moisture, oxygen, and chlorides (in sufficient quantities) are present 
at the level of the steel, corrosion will take place. The result is that as the metal 
corrodes it will expand and exert an outward force of approximately 4,000 psi, which 
causes delamination and spalling of concrete. 

The corrosion of reinforcing steel is the result of an electrochemical process 
whereby corrosion cells are created by variable amounts of chloride, oxygen, and 
moisture along the length of the reinforcement. These cells produce a flow of electric 
current between two half-cells, the anode and the cathode. The corrosion cells may 
be minute with the anode and cathode microscopically spaced, such as seen when steel 
corrodes in air, or they may be spaced several feet, as frequently found in bridge 
decks. The steel corrosion detection device used in the FHWA demonstrations and 
developed by the California Division of Highways identified the location of the anode 
areas by measuring the potential difference between the reinforcement and a reference 
half-cell. The California laboratory work consisted of placing 200 concrete specimens 
in a salt solution and recording the voltage change as it occurred with time. From 
this experiment it was determined that the steel was in a passive stage and not likely 
to corrode as long as the voltage remained below a 0.3-V level. When the voltage was 
increased to alevelabove0.3V, the pH factor had been sufficientlyreduced to where the 
reinforcement was no longer protected. This voltage level is considered active, and 
with proper conditions the corrosion cell will form. 

It is of major significance that salt usage has increased approximately 400 percent 
in the past 5 years. It is anticipated that this trend will continue but at a diminishing 
rate. Those states that now use little or no salt, where icing or frosting occurs, are 
beginning to feel public pressures for a bare-pavement policy. 

The time to deck deterioration can reasonably be correlated with the increased salt 
usage and the age of the structure. To date, we have found that, if de-icing salts are 
extensively used, some structures will spall in 4 to 6 years. Some severe spalling 
was observed on 8-year old structures. This spalling, however, was generally ob
served on decks with an early exposure to salt. Many structures in the 20- to 30-year 
category, which were not exposed to salt until several years after construction, were 
also observed as showing some deterioration but to a lesser degree. 

With a high degree of confidence, it can now be said that most spalling results from 
the expansive forces associated with corrosion. It can also be said that the predominate 
cause of corrosion is the salt that is absorbed by the concrete. A cooperative study by 
the Portland Cement Association and several states identified some of these factors. 
The study concluded that the percentage of chloride ions in concrete varies with depth, 
and the deck condition can be related to the percentage of chloride ions at the level of 
reinforcement. Our work during the past 2 years supports their conclusions. One 
factor, however, has not been clearly documented: the extent and scope of the prob
lem. In conjunction with our demonstrations we attempted to define the geographical 
areas that are affected and the cost that is involved. We reviewed research and main
tenance reports, corresponded with various state highway departments, and made a 
geographical spot check to determine the current cost of deck repairs. From this 
exercise, several things become apparent. 

1. Annual maintenance costs do not adequately indicate the scope of the problem. 
Most states that have a severe problem would spend more if funds were available. 

2. Some states have areas of severe deterioration and areas of light or no deteriora
tion. This complicates any attempt to show general affected locations. 

3. The scope is changing rapidly. Many states indicate that both the cost and the 
number of bridges requiring maintenance are increasing. 

After evaluating all conditions, we arrived at the following conclusions. The severe, 
moderate, and light problem locations fall into geographical areas (Fig. 1). There is, 
of course, no distinct division line, and some overlapping will occur. Based on spot 
checks within these areas, it was estimated that the national cost of repair for decks in 
1971 was more than $40 million. 



The challenge of what can be done to keep this cost at a minimum falls into two 
categories: 
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1. Establish an effective and permanent repair procedure for existing decks, and 
2. Develop a technique that will prevent the problem from reoccurring by a change 

in new designs. 

Extensive research is under way in both areas. This research includes the use of 
polymers in concrete, protective coatings for reinforcement, and cathodic protection. 
Many states use or are now considering the use of protective membrane treatments for 
both new and existing decks. We are, however, finding that the effectiveness of these 
waterproofing systems over concrete that has been contaminated with chlorides is 
highly speculative. We are especially concerned with overlays that are porous and that 
trap chlorides between the overlay and the deck. It is the opinion of many researchers 
that, once the corrosion cell has started, it will continue, and no corrective treatment, 
short of total removal, will be totally effective. They further contend that the mem
brane may provide additional service life, but it should not be considered a totally 
effective technique. 

This paper is devoted primarily to what can be done on existing decks. I will offer 
some suggested techniques for patching spalled areas and also recommend a deck 
evaluation program by summarizing data collected with the corrosion detection device. 

An informal survey conducted with the demonstrations indicated that a large variety 
of methods and techniques are being used to patch deteriorating decks. However, we 
have little confidence in any one method, and, without complete surface or total deck 
removal, no effective permanent repair method was found. 

We found that many patching methods and/or patch materials do not protect the steel 
against corrosion and may accelerate the rate of deterioration. Because of this accelera
tion, an elaborate and costly patching procedure may only provide a temporary repair. 
Accelerated deterioration results from patching materials that are designed for rapid 
strength gain but that contain additives such as chlorides or other set accelerators that are 
highly corrosive to steel. The patching materials create strong anodes, and corrosion be
gins in the patch area soon after placement. The opposite is true when concrete is re
moved from a spalled area in a salt-contaminated deck and replaced with concrete that 
does not contain set accelerators. The new patch will be free of chlorides and will create 
a differential environment corrosion cell. The repaired area will take the position of a 
strong cathode and create a large potential difference between the patch and the remaining 
portion of the deck. This potential difference will cause a current flow resulting in ac
celerated deterioration. 

As a result of observing and evaluating deck repairs during the demonstration pro
gram , in addition to work done by California State, we are now recommending a pro
cedure for repairing deck spalls , which could produce a more permanent patch. 

The first question to be answered is how much concrete area should be removed from 
around the spall. The maintenance engineer has four general choices: (a) remove only the 
concrete in the spa lled or ·delaminated area, (b) remove the concrete to clean s teel or just 
beyond the edge of visible corrosion, (c) remove all concrete considered active by an elec
trical potential survey, or (d) remove the entire deck surface. These limits will vary be
cause of local conditions ; however , several factors are now apparent. 

1. The spalled area does not represent the total area of corrosion. We found that the 
corrosion extends beyond the immediate spall; therefore, apatch thatmerelyreplaces 
the spall is surrounded by corrosion and has a high probability of early failure. 

2. The excavation, if extended from the spall to blue steel, does not represent the total 
active steel area. Active readings were found to extend beyond the corrosion limits. The 
active steel can be associated with the probability that the patch will accelerate corrosion 
in the remaining portion of the deck or that the patch itself will ultimately fail. 

The probability of success can be increased by removing the concrete that surrounds 
active steel. In many situations, this will require total deck removal. Funding limita
tions and common practice often restrict this approach. In these situations and where 
the deck is of acceptable quality (even though active corrosion is suspected throughout 
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a marine environment can be applied to deck patching. Theoretically, the reinforce
ment bar in the area of the patch can be eliminated from the corrosion circuit. 

In order to accomplish this, we had to first remove all of the concrete surrounding 
the steel where the voltage level is greater than 0.3 V and then apply a uniform coating 
of epoxy to clean steel in the patch area. The epoxy will break the immediate electri
cal contact between the concrete and steel. The concrete should be removed to a 
depth below the steel, which permits uniform distribution of the maximum-sized aggre
gate. In this manner the epoxy environment electrically isolates the steel, and the 
remaining deck will act independently of the patch. We also recommend that a bonding 
agent be used when patching the interface with a concrete coat. 

When the corrosion demonstration program was initiated, the principal objective 
was to explain the theory of the corrosion cell and its relation to concrete spalling 
and to demonstrate equipment that nondestructively could be used to analyze the corro
sive condition of reinforced concrete. 

We did not propose a formal operational procedure for the corrosion detection de
vice. Some informal recommendations were made, but this challenge was generally 
left to the individual users. Based on our observations in some 46 states, we believe 
that corrosion detection equipment can be used as an operational tool; therefore, we 
are now recommending a general procedure that can be applied to a local or a statewide 
area. Little field work has been done based on these recommendations; however, I 
believe that the concept is sound and that it lays the foundation for further refinements. 

We find that spalling bridge decks are in various stages of deterioration. I believe 
that, by categorizing these stages with readings obtained with the corrosion detection 
device, an efficient maintenance or rehabilitation program can be developed. By using 
a classification system, several decisions can be made. 

1. The limits of concrete to be removed beyond the spalled area can be determined. 
As mentioned earlier, we recommend removing all concrete down to a passive level, 
i.e., less than 0.3 V. This will require an analysis of the readings obtained, which 
isolates the hot spots and calculates the area to be removed. 

2. A decision can be made as to the type of patch and patch material to use. We 
oeiieve in.at some paid1ing methods are iou eiaoural.e l.u iii, l.he currui:;iuu cum.iil.iuu ui 
a deck; on some decks a more elaborate patching technique may guarantee adequate 
extended service life. 

3. A decision can be made if a membrane is to be placed on the deck afle1· patching. 
As mentioned earlier, placing an expensive membrane on a deck impregnated with salt 
and in the advanced stages of deterioration may be highly speculative. 

4. An administrative decision can be made that reflects the number and types of 
decks that can be repaired or rehabilitated as related to the available resources. On 
some decks it may be economically sound to temporarily repair a deck with minimum 
traffic interference until resources become available for complete rehabilitation. 

The decision to place a deck in a specific category will largely depend on the confi
dence placed in readings obtained with the corrosion detection device. We have ana
lyzed the readings taken on 120 exposed concrete decks from 33 states. Data from the 
other states visited during the demonstration program were not included because in 
several states membranes are routinely used or the data had not been compiled at the 
time of this writing. The decks were objectively classified during the demonstration 
program as poor, fair, or good. After classification, readings were taken with the 
corrosion meter and recorded. We then grouped the maximum readings and established 
a frequency curve for the various classifications (Fig. 2). 

All bridges classified as poor, i.e., spalled and cracked, contained readings that 
exceeded 0.4 V. For those decks classified as fair, i.e., cracked but not spalled, 90 
percent of all readings were less than 0.45 V. For those bridges classified as good, 90 
percent of all readings were less than 0.3 V. 

This information confirms our original conclusions. Equipotential measurements 
do provide a good indication of the deck condition. It further signifies that, as the 
readings increase, the probability of deck spalling also increases. 
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When this information is considered in conjunction with several other variables, we 
believe three general condition classifications can be established. Of course, there 
will be some overlapping, but it does permit an objective approach to evaluating re
pair needs and methods. 

The significant principle for classification should be the percentage of deck area 
considered active. The amount of cover and the chloride ion content can be used to 
assess priorities within any classification. These priorities should be subjective and 
can be coupled with local values, such as traffic, location, and highway classification. 

It will be necessary to first take readings on the deck, draft the equipotential con
tours, and compute the percentage of deck area considered to be in an active stage. 
Second, sufficient concrete samples should be taken to establish the chloride ion con
tent at the level of steel, and, third, sufficient measurements should be made to 
establish the depth of cover and the variation in cover. 

The first classification should include all decks in an advance stage of deterioration 
with the following properties. 

1. Corrosion readings indicate that active cells exist in from 50 to 100 percent of 
the deck area. 

2. Concrete cover is variable. 
3. Core samples indicate that chloride has impregnated a large percentage of the 

deck area. 

A deck in this classification will normally require continual patching. Patching 
can be considered analogous to a cancer cell that has spread throughout a human body. 
Some types of corrective treatment may afford additional life, but they should be con
sidered temporary. The common practice of sawing and patching with concrete is ex
pensive, normally requires a traffic lane closure or detour, and, if the patch is in
correctly placed, fails in a short period of time. It is for this reason that we recom
mend a temporary patch-preferably a cold-mix bituminous patch or some other low
cost material that can be easily placed with a minimum delay to traffic. This type of 
maintenance will be satisfactory for surface spalls until a complete rehabilitation 
program can be scheduled. In those areas where spalling has progressed to the point 
that structural integrity is jeopardized, early patch failures have occasionally been 
associated with fatigue. In these areas, underbracing may be appropriate to signif
icantly slow down the rate of failure. 

We do not recommend placing a waterproof membrane on a deck in this category. 
An example of a deck in this classification is shown in Figure 3. 

The second proposed classification indicates a reduction of active areas and could 
have the following properties. 

1. Corrosion readings indicate that active cells are in 20 to 60 percent of the deck 
area. The cells can be isolated into hot spots and are surrounded by a substantial 
area of less than 0.3-V readings. 

2. Concrete cover is reasonably uniform. 
3. Core samples indicate that chloride is largely found only in spalling areas. 

A deck in this classification can be considered appropriate for further evaluation. 
I recommend that the concrete be removed to a depth below the top mat, patched as 
recommended earlier, and thereafter periodically evaluated with the corrosion meter. 
In effect, an attempt should be made to remove the contaminated chloride areas and 
evaluate the results with the corrosion meter. To place a membrane at the time of 
patching would be speculative and is not recommended without the evaluation period. 
An example of a deck in this classification is shown in Figure 4. 

The third proposed classification will indicate minor deterioration with properties 
as follows. 

1. Corrosion detection readings indicate active areas ranging up to 25 percent of 
the deck area. These active hot spots can be isolated and are surrounded by a sizable 
area of less than 0.3-V readings. 
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Figure 3. Bridge deck condition 
classification 1. 
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classification 2. 
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2. The cover is adequate for current design. 
3. Deck core samples indicate a minor amount of chloride at isolated hot spots. 

A deck in this classification is recommended for a more elaborate patching pro-
cedure. All concrete should be removed to a 0. 3-V reading or to clean steel and to a 
depth below the steel, which is adequate to accommodate the maximum aggregate 
size. The concrete must be replaced with a chloride-free mix. The old concrete 
and the exposed steel should be coated as explained previously. We believe a mem
brane can be placed on this deck with satisfactory results. An example of a deck in 
this classification is shown in Figure 5. 
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At this time, it is standard practice to do little or no work on a deck in the type 3 
classification. Generally, the deck condition is good, few if any spalls are evident, 
and usually there is no physical evidence of a major problem. However, it is this 
type of deck where proper patching and a protective membrane may greatly contribute 
to extending the service life. Most repair efforts are devoted to decks in the type 1 
and type 2 categories. In general terms, the patching techniques recommended for 
categories 2 and 3 are being used for category 1 with unsatisfactory results. The 
combination of patching and placing a membrane may prove successful, but we do not 
believe this can be done with bridges in an advanced stage of deterioration. 

No repair methods are considered to be foolproof and therefore should be tested 
under local conditions. For example, removing all concrete down to the ;0.3-V level is 
an approximation of passive steel. Because of the complicated mechanism of the 
corrosion cell, no exact number will perfectly define the specific location. 

In summary, the highway engineer is challenged to provide a transportation facility 
24 hours per day, 365 days per year. De-icing salts have proved to be an effective 
maintenance tool in meeting this challenge. We are now challenged to find an economic 
solution to what appears to be a costly secondary effect. Bridge deck spalling is not 
a local problem. All indications are that the affected geographical area will increase 
in size with a corresponding increase in cost. We are hopeful that research can find 
preventive techniques. 
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DISCUSSION 
S. M. Cardone, Michigan Department of State Highways 

The author has given us some excellent guidelines for the repair of spalling bridge 
decks, which are based primarily on the use of a detection device that in turn is based 
on the assumption that "deterioration results primarily from corrosion forces that 
radiate from the embedded steel." 
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The author is quicl~ to caution, "The background support is admittedly weak, but 
we think the concept is sound and lays a good foundation to build on." We heartily 
agree with this statement and want to add that when sufficient empirical data are 
accumulated the corrosion detecting device can become an excellent tool to assist us 
in the repair of spalling bridge decks. 

However, we should place the importance of this tool in proper perspective. We 
should realize that the tool merely allows us to predetermine the quantities of con
crete that should be removed, which is of value for estimating purposes. It removes 
the guess in the estimating process for a repair project, but it does nothing to elimi
nate the causes. 

The common practice at the present time is to program the removal of an estimated 
amount of concrete, with past experience as a guide, and then by mechanical and visual 
means remove and replace all concrete that appears to be unsound at the time. This 
is usually followed by the addition of either a water barrier or subseal with a flexible 
wearing course or a rigid impervious overlayment. This serves to protect both the 
old and new concrete from further attack. 

We have used this technique as a standard procedure for the past 5 or 6 years with 
remarkable success. As a matter of fact, this procedure got its beginning in Michigan 
some 15 years ago. We used a structurally bonded overlayment of latex-modified 
portland cement mortar. This project (6) is in excellent condition to the present day. 

I should like to comment on another point given prominence throughout the paper, 
that the real cause of deck deterioration is de-icing chemicals. Now, no one will deny 
that chlorides accelerate the corrosive action. But, when the writer states that, "if 
moisture, oxygen and chlorides (in sufficient quantities) are present at the level of the 
steel, corrosion will take place," does the writer mean to say that, if only moisture 
and oxygen are present, corrosion will not take place? 

Further, in November 1967 a large bridge, 135 ft wide and 8,770 ft long, consisting 
of 27 acres of deck was opened to traffic in Detroit. In the nearly 3 years that the 
deck was under construction, extensive cracking occurred and spalling commenced 
within the first year of service. This spalling has been progressing at such an accel
erated rate in the past 4 years that an extensive r epair and overlayment pr ojec t is 
beine: olanned for this vear estimatP.d to ~rn~t in P.X~Pi:;i:: of ~?. m i lHnn An ,w,,. ,•l a .rmPnt 
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of latex-modified mortar, which is the system that has given us by far the longest per
formance, will be used. 

Several observations can be made from this special case: Was the spalling that 
started in less than a year of service due entirely to the action of salt, or did the corro
sion start during the construction period when no salt was applied? One might also 
ask where does the salt come from to rust my garden hoe or the farmer's plow between 
periods of usage. 

At times we are prone to conveniently single out chlorides as the villain in all our 
deck problems and at the same time assign a lesser role to important items such as 
water-cement ratio, cement factor, curing, finishing, placement technique, and use 
of concrete in tension. 

In summary, I believe that we have the scientific knowledge today to produce an in
destructible concrete bridge deck, but actually very little progress has been made in 
this direction in the past 15 to 20 years. The author seems to be carried away with 
his enthusiasm for the steel corrosion detection device, which is nothing more than a 
maintenance tool. 

When we consider the expensive problem described on the Detroit project, it can 
scarcely be said that a solution to deck spalling is at hand. 

Let's get to the heart of the problem. We know that steel rusts even without the 
presence of salt. We can build bridge decks to keep saltwater and air from hitting the 
steel. Why this is not done and why bridge steel continues to rust is not the fault of 
maintenance men or nature; it is the fault of the designers and builders. 

Reference 

6. Cardone, S. M., Brown, M. G., and Hill, A. A. Latex-Modified Mortar in the 
Restoration of Bridge Structures. HRB Bull. 260, 1960, pp. 1-13. 



AUTHOR'S CLOSURE 
Cardone has presented a large number of interesting questions about the theory of 

corrosion and offers several solutions to the spalling problem. I will first address 
myself to the questions that relate to the theory of corrosion and second to his pro
posed solutions. 

One general statement should be clarified and put into proper perspective. I have 
made no assumptions about the theory of corrosion or the effects of chlorides on em
bedded steel. In those cases where spalling is properly identified, research (sup
ported by field conditions) has associated chlorides with corrosion and in turn corro
sion with spalling. 

The answer is yes in reply to the question "does the writer mean to say that, if only 
moisture and oxygen are present, corrosion will not take place?" Both field experience 
and laboratory work show that steel will normally not corrode in concrete unless chlo
ride ions are present. The basic theory is that concrete provides a film of calcium 
hydroxide that protects the steel from corrosion. This protection is destroyed in the 
presence of chloride ions. Although this theory is only briefly described in my paper, 
it is supported by much research and discussed in detail in various publications. 

This condition is also closely related to the question, "Where does the salt come 
from to rust my garden hoe or the farmer's plow between period of usage?" 

It is normal to find metals, particularly steel, corroding in air. This supports the 
fact that the plow and hoe will corrode in the atmosphere because they do not have the 
protection film provided by cement. In atmospheric corrosion, the cells are micro
scopically spaced and the corrosion appears as a continuous film. In chloride contam
inated concrete, the steel corrodes in a manner that is commonly referred to as mac
roscopic corrosion, where the corroding area may be spaced several feet from the 
cathode or noncorroding area. 

I am not inferring that steel exposed at a crack is protected by concrete. If cracks 
or honeycombing are present in the concrete, the atmosphere can penetrate to the ex
posed steel and normal atmospheric corrosion will occur. In this situation, corrosion 
will in all probability occur regardless of concrete chloride content. However, if 
chlorides are present, the corrosion rate loss is considerably higher. 

The corrosion detection equipment is principally an application of the galvanic cell. 
The theory of the galvanic cell is not new, although application of this principle to 
bridge deck corrosion is relatively new. We now believe that research work has ade
quately verified the concept of the corrosion detection equipment, and on this basis we 
demonstrated its potential merit throughout the United States. 

I agree that the corrosion cell is a complicated phenomenon. However, after re
viewing some 422 bridge decks in 46 states, correlating salting practices with deck 
conditions, comparing actual deck chloride contents with deck conditions, correlating 
these facts with readings taken with the detection device, I am convinced that readings 
obtained with the corrosion detection do indicate the condition of spalling decks and see 
no merit in collecting additional data to support this conclusion. 

I agree that the corrosion detection device does nothing to eliminate the cause of 
corrosion, and after another review of the paper I cannot visualize drawing that con
clusion. It does, as was stated, permit predetermination of concrete quantities to be 
removed by evaluating both sound and deteriorated areas. It, therefore, follows that 
the entire deck condition can be evaluated. It is the value of this information that is not 
recognized in Cardone's discussion. 

Comments on the solutions as proposed in Cardone's discussion are given below. 
The commercial product referred to in the discussion can and will extend the ser

vice life of a deteriorating bridge deck. However, tests of this and numerous other 
products have resulted in the following observations. 

1. Modified latex mortars are not impermeable as indicated in Cardone's discus
sion. Available information indicates that the performance of these mixes largely 
parallels the high cement and low water mixes. Laboratory tests now under way 
support this conclusion. In addition, we have tested nine modified latex mortar field 
installations in six states. Seven of these decks had active areas of steel corrosion as 
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1na1caiea oy the sieei currusiun ueLediun device. .1ms means ihai sufficient chlorides 
have penetrated the latex mortar and activated the steel or that the initial cause was 
not eliminated and corrosion is continuing. 

2. Many thin mortar treatments are now applied to scaling decks. Scaling does not 
result from corrosion. Therefore, we can expect that a good bonding overlay will per
form satisfactorily with this type of deterioration. 

3. The states of Iowa and Kansas, which use high cement contents in their overlays, 
are having good success. To date, these overlays have performed somewhat similarly 
to the latex mortars. This supports my earlier statement that cement is an excellent 
inhibitor of corrosion. 

I interpret the article (6) Cardone discusses as referring to a scaling deck. Per
haps this is the key to his success. Scaling, as you know, is a surface mortar dete
rioration, commonly found in decks constructed with non-air-entrained concrete, and is 
not associated with the corrosion of steel. By removing the scaled surface and replac
ing it with good bonding overlay, the cause of deterioration has largely been eliminated, 
and the correction should prove successful. 

Spalling decks, however, are not as easily corrected. The cause of the problem is 
the chloride content in the concrete at the depth of the steel, and, unless the concrete 
is removed to this depth, there is little chance for any overlay to perform satisfactorily. 

Cardone also states that the problem with deck deterioration is poor design and con
struction and that bridges can be built to keep saltwater and air from hitting the steel. 
I cannot agree with this concept because to date, under the best controlled laboratory 
conditions, we have not been able to produce impermeable concrete. It is, therefore, 
impractical to expect that the quality of concrete will be better in construction projects 
than can be produced in the laboratory. We have, however, identified factors that will 
extend the time for chlorides to penetrate to the reinforcement. Low water-cement 
ratios and high cement contents decrease absorption of the concrete. When low
absorption concrete is combined with adequate cover and controls over the indiscrimi
nate use of de-icing chemicals, the service life of a deck should be extended. In fact, 
in some cases, these extensions can be quite significant; however, oxygen, moisture, 
and chlorides will eventually penetrate even good-quality concrete. We are, therefore, 
controntect with time to corros10n, anct, oecause ot the many vana01es, me ume iacror 
has not been defined. As in many engineering designs and studies, we may never be able 
to assign a definite time. 

In view of the preceding, it is recommended that our efforts be concentrated in areas 
where they can be of significant benefit. The following are examples of this type of 
approach. 

1. Recognize construction tolerances; if the deck is located in a heavily salted 
area, spalling will occur. If the quality of construction is within reasonable limits, 
additional requirements may only be an exercise in human and equipment capabilities. 

2. Recognize the importance of quality materials, mix design, and design cover. 
These factors may contribute significantly to an extension of service life. 

3. Recognize that controls over the indiscriminate use of salt can extend the ser
vice life of a deck. 

4. Correlate these factors, including salt usage, with the need for deck membranes. 



CONCRETE OVERLAYS FOR BRIDGE DECK REPAIR 
Howard Furr and Leonard Ingram, Texas Transportation Institute, 

Texas A&M University 

Tests were made on portland cement and resinous concrete overlays to 
determine their suitability as overlays for deteriorated concrete bridge 
decks. Direct shear strengths of overlays bonded with epoxy, portland 
cement grout, and latex-modified cement grout were compared with those 
applied with no bonding agent. Freeze-thaw tests were made to determine 
durability of bonding agents and of overlay concretes. Load tests were 
made on 8-ft span beams to determine the stiffening effect of overlays and 
the effect of repeated loadings on overlaid beams. Durability was studied 
further by gradually lowering laboratory temperature to 20 F during periods 
of repeated load applications. Low frequency and low amplitude vibrations 
were maintained on one beam by cyclic loading during placement and cure 
of a 1 \{-in. overlay to simulate vibration due to traffic on a lane adjacent to 
the one being overlaid. Shear bond strengths ranged from 214 to 668 psi. 
Epoxy and portland cement grout bonding agents withstood the ASTM C 290 
test without failure. Two of three overlays of latex-modified cement 
concrete came unbonded during the ASTM C 290 test. Latex-modified 
cement concrete overlay provided better freeze-thaw scale resistance than 
did other materials. No overlay failed in any way, except for tension 
cracks, in 2 million cycles of load. 

•DEEP scaling and spalling in many concrete bridge decks have advanced to the point 
were major repairs are necessary to bring the decks back to acceptable levels of per
formance. The alternative to major repairs is the complete replacement of the deck. 
The choice between replacement and repair is normally dependent on the extent of de
terioration, costs, and user consideration. There are many situations where repair 
holds a distinct advantage over replacement, and a number of repair methods have been 
reported (1, 5). 

A study-that was made to determine suitable overlays for repairing existing deterio
rated concrete bridge decks is the subject of this report. The present report concerns 
materials, bonding methods, and flexural stiffness of relatively thin repair overlays to 
be applied on existing concrete bridge decks. 

Four series of tests, series 1 through 4, were made to provide information from 
which repair methods might be developed. Information on the portland cement concrete 
mixes for the test specimens is given in Tables 1 and 2. All overlays, with the excep
tion of F, were made of air-entrained concrete. No air entrainment was used in the 
grout. 

The epoxy mortar overlay was a mixture of epoxy and concrete sand on 15 percent 
to 85 percent basis by weight. A proprietary product, a mixture of concrete sand and 
a polyester resin formulation, was used for overlay J. 

In series 1, direct shear tests were made to determine the shear bond strength of 
bonding agents used to bond overlays to base concrete. Freeze-thaw tests were made 
in series 2 to determine the durability of bonding agents and overlay materials. 

In series 3, beam tests were made to determine the effect of overlays and repeated 
loadings on the stiffness of a reinforced beam and to determine the effect of repeated 
loads on the bonding agents. 

Sponsored by Committee on Structures Maintenance. 
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Repeated ioad tests were made in series 4 under coid temperature to determine the 
fatigue characteristics of overlaid beams in freezing environments. 

TEST PROGRAM 

Series 1 

When the overlay was 7 days old, direct shear tests similar to those performed by 
Felt (5) in pavement overlays were made on the jig-mounted specimens. The shear 
bond strength was computed as the average shear stress over the interface area. 

Series 2 

The 3-in. by 3-in. by 16-in. specimens formed by sawing larger slabs were tested 
for freeze-thaw durability in accordance with ASTM C 290 (6 ). In this test, the speci
mens are alternately frozen and thawed in an automatic freeze-thaw cabinet. They are 
tested for fundamental traverse frequency at intervals not exceeding 30 freeze-thaw 
cycles. 

In other freeze-thaw tests, 1-in. thick overlays were bonded to 10-in. square base 
slabs. Wells formed by metal rings fixed to the overlays were filled with a 5 percent 
saltwater solution. The overlays were under ponded saltwater continuously from 22 to 
26 1/4 days. About one-half of that time was spent in a freezing chamber and the other 
half in a thaw chamber. 

Series 3 

Laboratory beams (Fig. 1) were tested under static and cyclic loads applied at mid
span. Load and midspan deflection data were collected just before and just after over
lays were placed and cured and at intervals during the cyclic load phase. These data 
(Table 3) were used to determine the stiffness effect of the overlay and to determine if 
there was any loss in stiffness brought about by th repeated loadings. 

One cyclic load test was made to determine if low amplitude, slow vibration would 
be harmful to the setting up, bonding, and strength of the overlay concrete that was 
f'<i<zt <inrl f'llt'Prl nn thP ,dhr<it;na h<><irn n<>t<>Hc, nf <>11 nf th<> h<><>m t<>c,tc, """' <>C! fnllnmc, ----- ------ --- --- --- ---- ----------o -------- -------- _ .. - -- --- ----- ·---- --- -- -----~--

Static Load-Deflection Tests-The simply supported beam was loaded at midspan to 
400 lb in increments of 100 lb after cracking and before the overlay was applied. Mid
span deflections were read for each load increment. After the overlay was applied and 
cured, another load-deflection test was made in the frame used for cyclic loading. The 
test was identical to the pre-overlay test except that the load was carried to approxi
mately 500 lb, and readings were taken at smaller load increments. A typical plot of 
the pre-overlay and post-overlay data is shown in Figure 2. 

Cyclic Load Tests-The same types of static load-deflection tests were made at in
tervals of 500,000 load cycles during the repeated load tests. Typical load-deflection 
plots are shown in Figure 2 at O and 2 million cycles for overlay in compression. 
Cyclic loads were applied by a machine with rotating eccentric weights. The loading 
device was fixed to the beams at midspan by lugs cast in the beams during fabrication. 
Power was delivered from an electric motor through flexible shafting to the machine. 
The loader was operated at the cyclic rate necessary to produce a deflection that, calcu
lated by elastic analysis, would produce 20-ksi tensile stress in the bottom steel of the 
cracked overlaid beam. The resulting rotational velocity of the eccentric weights, 
producing the same load on the lifting stroke as on the depressing stroke, was sufficient 
to overcome the dead weight of the beam and the loader and produce a net upward force. 

Overlays Cast and Cured on Vibrating Beams-A 2-in. thick overlay, overlay type D, 
was cast on a beam while the beam was subjected to 400 load cycles per min by the 
cyclic loader. The loading was maintained continuously for 48 hours during which time 
about 1,100,000 load cycles had been applied. It was designed to approximately simulate 
vibration caused by traffic in one lane while the overlay was placed and partially cured 
in an adjacent lane. There are situations in which an overlay might be placed under 
conditions similar to this one (2). 
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Table 1. Base specimen designs and aggregate gradation. 

Coarse Concrete Properties 
Aggre- Percent Retained on Each Sieve 
gale Mix Properties, lb/yda Per- Cement Water-

Specimen Grad.a- cent Slump Factor Cement Sieve Grade 
(In.) lion Gravel Sand Cement Water Air (in.) (sk/yd') (gal/sk) Size I 

7 by 7 cubes 4 1,942 1,272 518 273 0.0 5.50 6.0 3/4in. 0 

10 by 16 by 2 slabs 1,761 1,323 510 269 5.5 5.50 6.0 ½tn. 15 

10 by 10 by 2 slabs 1,761 1,323 510 269 5.5 5.50 6.0 3/41n. 25 

7 by 8½ by 5 beams 4 1,942 1,272 510 273 0.0 3 5.50 6,0 No. 4 56 

No. 6 

'Cut in short lengths(¾ in. by 0.010 in, by 0.022 in.). 

Table 2. Overlay designs. 

Mix Properties, lb/yd3 
Concrete Properties 

Coarse 
Aggre-

Over- gate Ce-
lay Grade• Gravel Sand ment Water 

A 1,621 1,128 663 301 
B 1,646 1,142 664 285 

C 2 2,390 746 394 

D 1,827 1,132 665 309 

E 1,531 1,350 607 124 

F I 1,846 1,142 664 279 
G 1 1,846 1,142 664 270 
H-1 3 1,254 1,568 627 131 
H-2 3 1,254 
1• 

1,568 627 131 

J ' 

'See Table 1. 
bType I consists of 7½ lb of epoxy and 60 lb of concrete sand. 
~Type J consists of 8¼ lb of resin, 33 ml of catalyst, and 40 lb of sand. 

Figure 1. Beam details. 

Per-
cent Slump 
Air (in,) 

4.5 2½ 
5.0 2½ 

9,3 0 

5.0 

9 .2 

0,0 t¾ 
5,0 2 
5,5 4'/, 
6.0 5 

Cement Water
Factor Cement 
(sk/yd') (gal/sk) Comment 

7 .04 
7 .06 

7.96 

7.06 

6.45 

7.16 
7.04 
6.67 
6.67 

5.13 
5.00 

5,95 

5.25 

4.05 

4,75 
4.60 
4,04 
4.04 

Plain concrete 
4-gauge welded wire, 3 in. by 

3 in., placed on bonding agent 
Coarse aggregate n1llaced by 

261 lb of steel Iibor 1 ¾ in. by 
0,010 in. by 0,022 in. 

Chem Comp cement used with 
4-gauge welded wire, 4 in. by 
4 in., at mid height o( overlay 

Concrete modified with latex 
additives1 3½ gal per sk, 
latex was 48 percent solids by 
weight 

Not air entrained 
Air entrained 
Cement A latex-modtrled grout 
Cement B latex-modified grout 
Epoxy, no primer, 15 percent 

epoxy, 85 percent sand by 
weight 

Polyester, primer, 4 lb o( 
resin, 12 ml of catalyst 

I,,-- Repeated load at midspan Overlay thickness 
~ Support, top, varies c~ :r~· ::::t?t-.L---L-\!1: .. 

1

1 8 ' -0" •11 I Sec~~on I 
. 8

1
-6" _ 

Beam concrete: See Table I 

Nominal strength of cylinder at 28 days= 3000 psi 

Nominal secant modulus at 1/2 f' 
C 

= 6,000,000 psi 

Grade Grade Grade 
2 3 4 

Steel 
Clber 0 20 

Steel 
wire• 30 

Steel 
wire• 36 30 

Slee! 
wire• 57 20 

Steel 
wire• 0 0 
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Tabie 3. Beam scheduie c1nd stiffness r~tios. 

P /A' (lb/in_) 

With Overlay 

Overlay 2 
Without No Million 

Beam Thick- Age of Overlay Cycles Cycles 
Designa- Bonding ness Test 
tlon• Type• Agent (in.) (days) A B C 

AG-12 A Grout 2 38 3,810 41,100 37,800 
AE-12 A Epoxy 2 38 3,740 25,000 23,500 
BG-12 B Grout 2 39 4,450 34,200 29,200 
BE-12 B Epoxy 2 32 4,210 18,600 
CG-12-1 C Grout 2 10 5,200 36,900 29,200 
CG-12-2 C Grout 2 11 4,600 15,800 15,300 

CE-12 C Epoxy 9 3,150 12,400 11,600 
DG-12 D Grout 34 5,000 18,800 18,400 
DE-12 D Epoxy 2 9 4,700 19,500 16,400 
EG-12-1 E LM' 2 4,550 17,800 16,300 
EG-12-2 E LM 2 3,980 12,400 11,800 

AG-11 C Grout 11/:.i 39 3,880 22,200 20,000 
AE-11 C Epoxy 1½ 20 5,000 13,300 18,200 
CG-11 C Grout 1½ 11 3,850 14,400 16,700 
BG-11-1 B Grout Ir,, 9 3,960 7,870 8,450 
BG-11-2 B Grout iz, 9 4,080 12,700 10,800 
CG-11-1 C Grout 11/, 10 3,920 8,640 8,330 
CG-11-2 C Grout 1½ 10 4,000 9,520 10,100 
DG-11-1 D Grout 11/z 13 4,830 12,100 12,600 
DG-11-2 D Grout 1% 13 3,450 8,930 9,500 
EG-11-1 E LM 11/2 10 3,670 8,350 8,430 

DG-11-3 D Grout I 10 3,640 9,490 8,090 
DG-11-4 D Grout I 10 3,840 11,100 9,100 
EP-1 I None c 7 4,040 4,430 4,250 
EP-2 I None 

½ 
7 5,080 5,650 4,800 

EP-3 I None 6 4,130 4,590 4,720 
EP-4 I None 

~ 
6 3,960 4,380 4,410 

PL-I J Polyester 7 3,640 5,150 5,370 
PL-2 J Polyester c 7 3,750 4,090 4,090 
PL-3 J Polyesler ~. 2 2,660 4,680 5,000 
PL-4 J Polyester ½ 2 2,960 4,190 4,360 

"See Figure 1 for b&am dimensions. 
bSee Table 2 for description of overlay materials, 
~Midspan toad/midspan deflection 
dlatex-modifled cement concrete. 

t-1gure 2. Typicai Stlltic ioaci-aeiiection curves. 
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Series 4 

The temperature was gradually lowered in the test chamber from 70 to 20 F during 
which period the beam underwent cyclic loading. The time-temperature-loading cycle 
schedule is shown in Figure 3. 

A static load-deflection test was made before the overlay was applied and then again 
after it was applied and cured before cyclic load and temperature cycling began. Room 
temperature was gradually lowered from 70 to 20 F while load cycling was maintained 
at approximately 11 cycles per sec. After 500,000 cycles, loading was stopped and the 
temperature was increased to 70 F. Then, 12 hours after stopping, a static load
deflection test was made. 

No continuous record of room temperature was kept of either the descending or the 
ascending curves, nor were temperatures within the beam measured. The freezing 
cycle required essentially a 12-hour day to draw the temperature from 70 to 20 F. 

The pattern established on the run from 70 to 20 F for the first 500,000 cycles was 
maintained throughout the 2 million load cycle test. A total of 5 days were required for 
testing each beam subsequent to application of the overlay. Four of those days were 
spent in repetitive loading. 

RESULTS 
Series 1 

Bond strengths of concrete overlays applied to sandblasted surfaces of 7-in. cubes 
using grout, epoxy, latex-modified cement, and polyester were tested. The base con
crete mix and cure were constant (although several batches were made), and all batches 
were not cured at the same time. The failure surface generally followed the interface 
of overlay and cube with minor migrations, in some cases, into the base material and 
the overlay. The bond strengths are given in Table 4 as averages of either three or 
six tests. 

A concrete bridge deck carrying service loads is stressed in horizontal shear that 
varies in intensity with distance from the surface to about middepth of the slab. When 
the slab carries an overlay, the shear stress at the interface of the overlay and the base 
slab is dependent on shear at the section and the relative thicknesses of the overlay and 
slab. A slab supported by beams is considered by AASHO (8) to be adequate in shear if 
it is designed for moment in accordance with AASHO speciffcations. A wheel would be 
carried by a slab strip about 4 ft wide on a bridge with stringers spaced about 8 ft apart. 
If the wheel were shifted to the edge of the stringer for maximum shear, an H 20 wheel 
plus impact (about 20 kips, spread over, for example, 3 ft) would cause a shear of 3.9 
kips on a 7-in. wide section. By applying the horizontal shear formula v = VQ/Ib to 
the interface of a 7-in. uncracked slab with a 2-in. overlay for a 3.9-kip load, we find 
the interface shear to be 

V = 3,900 X (14 X 3.5)/(425 X 7) = 64. 2 psi 

This stress, which is only 30 percent of the minimum strength (214 psi)given in Table 4, 
would be safe for any of the bonds developed in the tests. Earlier overlays having no 
special bonding agent (9) developed 129 psi, two times the 64.2 psi previously computed. 

Results of shear bond tests on overlays applied to concrete that had been treated 
earlier with waterproofing materials have been reported (10). These tests showed that 
a concrete overlay applied directly to a surface treated with a linseed oil-kerosene mix
ture developed a 61-psi bond; after the surface had been sandblasted, the bond was 367 
psi. Corresponding values for a surface treated with a tung oil-kerosene mixture were 
88 psi and 597 psi. 

Specimens F and G were fabricated in the same manner as the earlier group. A 
through D, to determine if air entrainment affects the shear bond strength of portland 
cement concrete overlays. The values, the average of six tests, indicate that the air
entrained overlays, specimens G, have essentially the same strength as the concrete 
without air, specimens F. Both values are lower than the earlier ones in air-entrained 
specimens A through D, which is attributed to an unknown, and unintentional, difference 
in material or fabrication. 
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provides superior bonding. It produced higher strength, an average of 541 psi in the 
12 specimens (A through D, Table 4), considerably higher than the average bond from 
other materials in the same test series. Grouted specimens F and G given in Table 4 
show that bond strength is not affected by the air entrainment used. 

The load cycling of test series 3 and 4 had no noticeable effect on any bonding agent 
used in the tests. Every bonding agent tested provided far more shear than the 64.2 psi 
computed for a theoretical shear from a 20-kip truck wheel, but one of them failed the 
freeze-thaw tests. 

Both epoxy and cement grout have been popular as bonding agents for applying con
crete overlays to concrete pavements and bridge decks. The tests carried out here 
show that both of these perform well in the laboratory. The cement grout provided the 
highest bond strength, and it is easy to apply. 

Series 2 

All specimens, except two of the overlays E, completed 300 freeze-thaw cycles. 
Overlay E separated from the base at 183 cycles for one of the exceptions and at 246 
cycles for the other one. At 300 cycles, the remaining four specimens of that overlay 
had deteriorated to the point where the overlay could be pulled away from the slab by 
hand. 

No distress was noted in any other overlay during this test. Table 5 gives the prop
erties and durability of the overlay material. Overlays C, both grout and epoxy bonded, 
showed no loss in durability factor after the 300 freeze-thaw cycles. The overlay ma
terial of these specimens contained 9.2 percent air (Table 2); high air content is char
acteristic of that material. If the high percentage of air benefited the bond durability 
of this overlay, it does not appear to have behaved in the same way for the E ove.rlay, 
which contained essentially the same amount of air as the C overlay. From Table 5, 
it is evident that all base slab material had almost the same percentage of air. 

The 10-in. square specimens with bonded overlays were subjected to two freeze
thaw cycles daily. The appearance of the overlay surfaces at approximately 50 freeze
thaw cycles is shown in Figure 4. The test showed that the bonding agent had no in
iiuence on surface cieierioraiion. Figure 4 shows overiay .I!; {with ~-~ percent air) to 
have much less surface scaling than the 9.3 percent concrete with wire fibers of over 
lay C. 

Although the piain concrete oi overiay A shows a lit tle greater durabiiity factor than 
overlay B, which contained welded wire fabric, no difference could be observed visually. 
It is evident from Table 5 that neither the grout nor epoxy bonding agent will be trouble
some because of freeze-thaw action provided that both are properly placed. All other 
surfaces, A, B, and D, that contain from 4½ to 5 percent air show moderate surface 
scaling. Based on results of similar freeze-thaw tests (11, 12), the performances of 
all specimens in resisting freeze-thaw scaling were satisfactory. 

Series 3 and 4 

The stiffness tests of series 3 and 4 show that a bonded overlay of 1 to 2 in. of con
crete increases the stiffness of 5-in. thick beams from about two to five times prior to 
overlay. Overlays of ½ in. add little to stiffness, but they would provide protection for 
the concrete deck and would make the surface smooth for traffic. The cost of resins 
would permit them to be used for added stiffness only in very limited volume. There
fore, the tests were not designed to provide extensive information on the stiffness of 
resin materials. 

The beam that was overlaid while it was vibrated had a double vibrational amplitude 
(peak to peak) of 0.044 in . after the overlay was first cast. At an age of 24 hours under 
continuous vibration, the amplitude had reduced to 0.008 in. under the same load. The 
test was discontinued after 48 hours, and an inspection showed three tensile cracks 
near midspan in the overlay. These cracks were formed by the upward load part of the 
load cycle , which placed the overlay in tension. The concrete at the base of the cracks 
was inspected by chipping out cracked material, and the overlay was found to be fully 
and firmly bonded in the area. 



' 
Figure 3. Loading cycle temperature and time. 

0) "' Q) Q) .... .... 
<J <J 
:,.. ?J u No record 0) 

Q) 0 was taken of 0 .... 0 0 
<J 0 temp. btwn. o. :,.. 
u 0 terminal 0 

0 0 
0 "' temps. "' 

70"F 

' ,/'/ ' Q) 

' ' " ' " ' ' .. 
' ' .. , 

' " 
, 

' Q) ' 
, 

' "" ' 
, 

' ~ ' ;-' ' 

' H 20"F ' 
, 

' 
12-llour Dny 2-hr.Overni h.t 12-Uoux Doy 

"e est C 

Table 4. Shear strength of overlay bonds. 

Average Bond Shearing Stress, psi 

Base No Grout Epoxy 
Surface Bonding Bonding Bonding 

Overla~ Preparation Agent Agent Agent Other 

A Sandblast 420 462 
B Sandblast 555 362 
C Sandblast 668 565 
D Sandblast 521 402 
E Sandblast 382 
F Sandblast 393 
G Sandblast 388 
H-1 Sandblast 458 
H-2 Sandblast 382 
I Sandblast 214 
J Sandblae t 344 

0) 
Q) .... 
<J 
:,.. 
u 
0 
0 
o. 
0 
0 
0 

....i 

(Continue the 
pattern) 

, , , , , 
~ , Tl1111!. 

12-hr . Overn ght 
Rest 

Comment 

Air-entrained overlay 
Air-entrained overlay 
Air-entrained overlay 
Air-entrained overlay 
Latex-mcxlified grout and overlay 
No air-entrained overlay 
Air-entrained overlay 
Cement A, latex-modlfled grout and overlay 
Cement B, latex-modlfled grout and overlay 
Epoxy overlay 
Polyester overlay 

Note: The values shown represent the averages of three specimens for each overlay, A through D; six specimens for each of E through I; 11nd four 
specimens for J The average bond shearing stresses for overlays A through E were 541 psi wilh the grout bonding agent and 448 psi with the epoxy 
bonding agent. 

"See Table 2 for description of overlay materials. 

Table 5. Properties and durability factors of overlay concretes. 

10- by 16- by 2-in. Slabs 1-tn. Overlays 
Durability Factor 

Cement Water- Cement Water- (ASTM C 2 90) ol 
Percent Factor Cement Percent Factor Cement Overlayed System 

Overlay- Air (sk/yd') (gal/sk) Air {sk/yd') (gal/sk) (average of 3) 

AG 5,0 5.55 6.13 5,0 7.06 5.0 84.0 
AE 5.0 5.55 6.13 5.0 7.06 5.0 85,5 
BG 5,0 5.55 6.13 5,0 7.06 5.0 80.0 
BE 5,0 5.55 6.13 5.0 7.06 5,0 82.5 
CG 5. 3 5.55 5.84 9,3 7 .95 5.95 100.0 
CE 5.3 5.55 5.84 9,3 7.95 5,95 100.0 
DG 5.5 5.46 6-17 5.0 7.06 5.25 96.5 
DE 5.5 5.46 6.17 5.0 7.06 5.25 87 .6 
EN 5.8 5.51 5.86 9.2 6.45 4.05 74 ,5• 

' In the de1ignation, the first letter refers to the overlay type given in Table 2; the second letters are G for grout, E for epmcy, and 
N for none 

bTotal of she specimens cast, Because two overlays separated from specimens during freeze-thaw tests, durability factor is avetege 
of remaining four specimens. 
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freeze-thaw action under ponded 
saltwater. 

c) Overlay C - 50 Cycles (9, 3% Air). 

Table 6. Cold beam test. 

Overlay 

Thickness 
..,coli , •- ')i'"" t!~ .~ e,, / 'E,._ 

FT-I 1{,' Grout 3.4 
FT-2 1 1/, Grout 3.1 
FT-3 I {,' Grout 2 ,4 
!i''!'-4 1 /: r.rnnt 3 5 

Q • .'~ -

1.0 
0.9 
0,9 
0.9 

Notes: Beam dimensions are given in Figure 1. Each beam was sub 
jected to 2 million load repetitions. S = stiffness and deflection of 
midspan/load at midspan; S0 • S prior to ovittby; Sw = S subsequent 
to overl1y prior to cycling; and S1 • S subsequent to overlay and 
cycling 

a) Overlay A - 53 Cycles (4-1/2% Air). b) Overlay B - 53 Cycles (5~ Air). 

d) Overllly D - 44 Cycles (5. OX Air). e) Overlay E - 51 Cycles (9 .2% Air). 
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Vibrational amplitudes before and after the overlay material (beam DG12) was cured 
are as follows. 

Amplitude (in.) Amplitude /Span 

Initial 

0.044 

Final 

0.008 

Initial 

0.00046 

Final 

0.0000835 

The ratio of final amplitude to initial (plastic overlay) amplitude is 5.5. The ratio of 
amplitude to span, 0.00046 before the overlay stiffened, corresponds to a deflection of 
0.33 in. for a beam spanning 60 ft. Under controlled traffic, it is not likely that this 
much deflection would occur in a lane being overlayed. 

Two 6-in. diameter cylinder molds mounted on the vibrating beam were filled with 
the overlay concrete and vibrated with the beam as the cylinders cured. Two similar 
cylinders were made by standard procedures and cured on the floor near the vibrating 
materials. The cylinders were tested after 48 hours, and those that were mounted on 
the vibrating beam showed considerably higher strength than those cast and cured in the 
normal way. 

Beams were tested to determine if the cycling of both load and temperature would 
adversely affect the overlay and its bonding agent. Careful visual inspection of each 
beam at the time of its static loading revealed no failure or distress of any kind. The 
load-deflection ratios given in Table 6 show that the beams were greatly stiffened by 
the addition of the overlay and that subsequent cycling of load and temperature reduced 
the stiffness by about 10 percent. 

Good performance of the concrete overlay bonded with grout is shown in all four of 
the test series. The materials require proper treatment if good results are to be ex
pected. But the treatment required is not difficult, and workmen are familiar with the 
materials and the treatment. 

CONCLUSIONS 

The following can be concluded from the tests discussed in this paper. 

1. Portland cement concrete overlays from 1 to 2 in. thick bonded to a base con
crete slab with either portland cement grout or epoxy resin are capable of developing 
shear bond strength far in excess of that normally required in service. The base ma
terial must be properly prepared to receive the bonding material. 

2. Properly bonded concrete overlays of 1-to 2-in. thickness will undergo at least 
2 million load cycles without bond failure. · 

3. Thin concrete overlays can be placed and cured on a vibrating base similar to a 
bridge deck under controlled traffic loads. Such an overlay will bond firmly to the base 
material when bonded with portland cement grout. 

4. Portland cement grout and epoxy bonded concrete overlays will undergo ASTM 
C 290 durability test without failure. 

5. Air entrainment provides excellent resistance to freeze-thaw scaling. 

RECOMMENDATIONS 

It is recommended that strong consideration be given to portland cement concrete 
overlays for bridge decks requiring surface repair. An overlay cannot solve the prob
lem of a deck that is deteriorated from top to bottom, but it can be used to repair decks 
with deep scaling and delamination. Such an overlay repair installation must be care
fully designed and properly placed. It should be sealed with a waterproof membrane 
if it is to be subjected to de-icing salts. 
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DISCUSSION 
Jerry Shackelford and Harvey Shafer, Dow Chemical Company 
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entrained concrete deck overlays. And yet, the results of the freeze-thaw scale dura
bility tests suggest that the material used for repair causes the problem. 

V-le at Dow have been working on latex modification of portland cement compositions; 
both in the laboratory and in the field, for many years. The depth of these investiga
tions was manifested in 1969 when J. E. Isenburg reported on his research of both 
modified and unmodified materials by way of the scanning electron microscope. 

Among the things we have learned is this: When you include a film-forming latex in 
a portland cement composition mix, you have an entirely different material with differ
ent handling characteristics and, more importantly, different curing requirements. 

Curing needs for these materials are not unique and likely are more easily met under 
actual construction conditions. These needs are simply a short moist-cure followed by 
air-cure, which is necessary to allow the polymer to harden. 

Synthetic latices, suitable for cement modification, contain air-entraining materials 
and so must not be used with additional air-entraining agents in the mix. Excessive air 
in the bonding matrix prevents proper bonding and allows infiltration of liquids to the 
bond interface. 

When we relate these two variables to the Furr and Ingram paper, particularly to 
series 1 tests (shear bond) and series 2 tests (freeze-thaw durability), we may under
stand the relatively poor performance of the latex-modified specimens. 

Both wet curing and use of air entrainment considerably reduce the effectiveness 
of the system. Because it appears that one or both were present in these tests and that 
therefore the properties of the system were not optimized, the validity of the evaluation 
may be questioned. 
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LaRue Delp, State Highway Commission of Kansas 

Kansas is in the middle of a rather extensive program of repairing 5 to 10 percent 
of all bridges in the state, many with extensive deck deterioration. The scaled and 
spalled areas vary in magnitude and frequency. They range from the initial stage to 
full-depth deterioration. Temporary repairs are generally made on a day-to-day basis 
until about 30 to 40 percent of the deck reaches some degree of damage. Another cri
terion is the rate of deterioration. A contract is then let for the covering of the entire 
deck with a combination of full deck repair and/or a 2-in. bonded overlay. 

We are currently programmed to advertise bridge repair contracts throughout the 
state for about $1 million annually, much of which is this type of work. We believe, 
at least for the present, that the program will be one of a continuing nature; however, 
there is no indication of any type of failure to date in the completed work on deck over
lays. Some bridges are now more than 6 years old. 

The report by Furr and Ingram, showing factual data of the various tests on this 
type of work, is of tremendous value for programming. It could furnish some sound 
guidelines. 

For many years my role has been exclusively that of programming the repairs on 
all facets of the highway system. It is a constant process of weighing the economics 
of repair versus replacement. I mention this to point out the necessity for knowing 
the types of concrete (lightweight or conventional) and aggregate (limestone versus 
sand gravel, etc.). In many locations, the concrete in situ continued to deteriorate after 
the initial repairs were made, even though it appeared to be sound. This may eventually 
prove to be true on some of the bonded overlays covering the entire deck. 

This is mentioned to point out the necessity of further comprehensive research that 
will develop guidelines oriented toward the aggregate of the in situ concrete as well 
as the bonding agent. 

Although Kansas follows, for the most part, a rather rigid plan of repair and has 
been very successful with its use of bonding agents, difficulty is experienced in deter
mining the strength of the in situ concrete. More work should be done to provide ade
quate data for determining the feasibility or practicality of a concrete deck overlay and 
the methods of measurement used for both the area and depth of deteriorated concrete. 

The Furr and Ingram report covers the bonding agents very effectively and is a use
ful tool for programming bridge repair. 

AUTHORS' CLOSURE 
The State Highway Commission of Kansas has the most extensive experience in con

crete bridge deck overlays known to the authors. The comments of Delp are particu
larly valuable because of that experience. 

The maintenance engineer is always faced with the problem of deciding when a tempo
rary repair program should be replaced with a major repair job. The practice of 
Kansas in overlaying when 30 to 40 percent of the deck shows damage might be helpful 
to others in deciding when a major repair job is warranted. Case histories are needed 
in developing information that is necessary for maintenance programming. Pieces of 
information on costs, installation, and performance are available here and there in 
literature, but a coordinated program is needed. An agency that would collect such in
formation from highway departments throughout the country, classify it, and send it 
to interested parties would be very helpful in maintenance planning. 

A number of state highway departments have used latex-modified portland cement 
concrete in bridge deck overlays and in other concrete repairs on bridges. Shackelford 
and Shafer of the Dow Chemical Company have been very helpful in providing assistance 
in the use of such material. Our test program showed laboratory freeze-thaw scaling 
to be almost negligible in the latex-modified material and in air-entrained portland 
cement concrete. The consensus now seems to be that spalling can be combatted best 
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by keeping water out of the "-Oil"-rete_ Tf thi~ i~ r.nrrPr.t; 1rn impPrvinn~ r.mrPr mrPr th<> 
new concrete deck would solve the spalling problem provided that such a cover is 
feasible. 

The latex-modified concrete specimens used in series 2 freeze-thaw durability tests 
were moist-cured according to ASTM C 290. At the time of those tests, it was not 
known that the moist cure normally given ordinary portland cement concrete would be 
detrimental to bonding of this material. The latex-modified concrete specimens used 
in series 1 shear bond tests were moist-cured 1 day and then air-cured for 6 days. No 
air-entraining agent was used in either of these test series. 
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