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FOREWORD 
The first four papers in this RECORD were prepared for the Symposium on Shear 
Strength of Fine-Grained Soils During Construction. They all deal with the measure
ment of field strength or other indicative parameters. The use of these data to control 
construction is illustrated. 

Raymond presents a case history of an embankment foundation failure in varved 
clay. He compares stability analyses by various methods and gives recommendations 
for future placement of construction control instrumentation. He recommends that the 
crusted soils be evaluated by a procedure different from that recommended for the 
softer foundation soil. 

Eden and Mitchell describe the regional aspects of the landslide problem in the 
sensitive clays of the St. Lawrence River lowlands area. High groundwater pressures 
and toe erosion are two of the major factors contributing to landslide development; 
therefore, great care must be taken when the location of transportation routes is 
planned through these areas. Additional precautions must be exercised during con
struction to maintain adequate strength in the natural material. The installation of 
toe drains is a suggested aid to construction and control. 

Su, Chang, and Forsyth studied the increase in shear strength of a soft clay due to 
consolidation under controlled embankment construction accelerated by sand drains. 
Four-year measurements indicate that excess pore water pressure as measured in 
the field can be used to predict the increase in shear strength with reasonable accu
racy and thus can serve as a means of construction control. 

Sherman and McAnear report the performance of a shallow fill placed on estuarine 
deposits and peat. The fill had been placed at least 10 years before the study, but the 
percentage of consolidation of the peat and soft clay was determined to be only 34 per
cent. Subsequent checking of piezometer and slope indicators indicated gradual addi
tional consolidation; it is estimated that 30 or more years will be needed to obtain the 
desired 90 percent consolidation so that the area could be used for building construc
tion. It is currently limited in use to athletic fields and tennis courts. 

Two other papers not part of the symposium are appropriate to this RECORD. Fang 
and Hirst describe a simple new method for determining cohesion and internal friction 
of soils and stabilized materials. Results correlate well with the results obtained by 
using conventional tests. This double-punch test saves time and permits a more 
economical evaluation of mixtures containing larger aggregates than would normally 
be tested. Roderick and Jin report on a project to obtain a correlation between rela
tively simple physical tests and those more complicated or time-consuming mineral
ogical and physicochemical tests. These are needed to quickly evaluate the suitability 
of soils as construction material or to ascertain the ease with which they might be 
modified so as to provide suitable roadway components. 

This RECORD will be of interest to location and design engineers and soil engineers. 

iv 



FOUNDATION FAILURE OF NEW LISKEARD EMBANKMENT 
Gerald P. Raymond, Queen's University, Kingston, Ontario 

A case history of an embankment foundation failure in varved clay is pre
sented. Stability analyses by total stress, partial total stress, effective 
stress, and finite elements have been obtained and are discussed. Atten
tion is focused on the performance of the stiff crust, the selection of the 
soil properties, and the placement of the instrumentation. 

•THE NORMAL METHOD of estimating the immediate bearing capacity of surface loads 
on saturated cohesive soils is to assume that the soil is a purely cohesive material with 
a unique strength. In special cases a slip circle analysis is performed. The theoreti
cal solutions of the slip circle method for deposits with a uniform cohesive strength 
have been presented by Jakobson (9), and for soils whose strength increases linearly 
with depth extensions have been done by Odenstad (13), Nakase (11, 12), and Raymond 
(15). The method may also be extended to account for anisotropyandtwo-layered de
posits. These methods are often referred to as total stress analyses. Unfortunately 
the major difficulties result not from the theoretical methods but from their application 
in terms of selecting representative soil strengths. In addition, where the loaded con
tact area is not rigid, a localized general failure may occur. A localized general fail
ure has been defined by Raymond (15) as a general failure of part of the contact area 
and should not be confused with Terzaghi 's (22) definition of local shear failure (Art 47) 
or the point at which the elastic limit is firstexceeded (Art 138). Terzaghi 's definition 
of local shear failure may be considered to be similar to that used by Gibson (7) for the 
end bearing capacity of a pile. -

An alternative to the total stress analysis is the effective stress analysis. This 
method is of particular importance where stage construction techniques are employed 
and a gain in strength of the foundation material is relied on to complete the construc
tion. The effective stress analysis normally used takes the form of a slip circle divided 
into slices. The slice method was first used by Felenius (5, 6), is commonly known 
as the Swedish method, and was improved by Bishop (3) and others. 

Herein the varved clay foundation material of the New Liskeard embankment will be 
subjected to both total and effective stress analyses to ascertain the reasonable assump
tions for the varved soil that failed when the embankment reached a height of 16.6 ft 
(5.7 m). The failure has previously been discussed by Lo and Stermac (10). At a dis
tance of 426.5 ft (130 m) from the failure, the embankment foundation wasinstrumented; 
part of the construction performance below the instrumented area has been described 
by Stermac, Lo, and Barsvary (20)1 and the immediate or undrained performance has 
been analyzed and presented by Raymond (17). The pore pressure response of this in
strumented area will be used in conjunction with tests described herein to perform the 
effective stress analysis. 

SITE GEOLOGY 

The sedimentary soils in the Timiskaming area are a product of postglacial deposi
tion following the retreat of the Wisconsin ice sheet. Meltwater and subglacial rivers 
were prevented from draining through the Ottawa River basin by the relatively high 
lands in the North Bay-Mattawa region. Consequently, the water rose, forming glacial 
Lake Timiskaming, which occupied a basin somewhat larger than the present lake. The 
retreat of the glacier in the immediate area was rather rapid: Antevs (1) suggests 492 
ft (150 m) per year. There was a temporary halt, however, when the face of the glacier 
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reached the highlands just north of the Cochrane area. During this period, because of 
the lack of adequate drainage, the lake increased immensely in size forming what Wil
son (25) has named Lake Barlow. In the early stages of its development when Lake 
Timiskaming was relatively small and the discharge of sediments into it was relatively 
high, seasonal deposition resulted in thick varved sediments, particularly in the deeper 
parts of the basin. As the lake became larger and the front of the glacier moved away 
from the lake, the material became more dispersed, and the resulting varves were 
much thinner. Consequently, the varved sediments in this area display a much greater 
varve thickness in the lower region of the deposit than near the surface. 

Using pollen counts, Terasmae and Hughes (21) suggested a possible time
temperature variation for the Timiskaming area that implies a possible readvance and 
retreat of the glacier in this region. 

The area in which the bypass is situated lies on a relatively flat plane on the margin 
of the Lake Timiskaming basin. The clay deposit extends to a depth of about 147 .6 ft 
(45 m) at the proposed site of the overpass and is at the surface at a point 1,968 ft 
(600 m) to the southwest. 

Below the varved clay is about 0.98 ft (0.3 m) of dense sand and gravel resting on 
bedrock, the upper 0.9 ft of which was reported as fractured and weathered banded gray 
and white limestone. It is believed that the dense sand and upper fractured zone of bed
rock serve as a drainage course for the area. Indeed the measured pore pressures 
prior to construction suggest a downward drainage throughout the deposit, the pore 
pressures being less than hydrostatic below the water table at 4.9 ft (1.5 m) below the 
surface. 

SOIL PROPERTIES 

Samples were taken with a commerical Shelby 2. 75-in. (70-mm) diameter fixed pis
ton sample tube from the centerline of the embankment at the instrumented section. 
The sample tubes were cut before the soil was extruded, and then the soil was trimmed 
to 1.5 in. (37½ mm) in diameter by 2 .9 in. (75 mm) long. Several samples were initially 
consolidated to about their overburden pressure or three-quarters of their preconsoli
dation pressure, as recommended by Raymond, Townsend, and Lojkasek (18) and tested 
in undrained compression in a triaxial cell. Ideally they should be consolidated iso
tropically or anisotropically by using a lateral pressure ½ to 1 time their field ef
fective overburden, provided this does not exceed one-half to three-quarters of their 
preconsolidation pressures. This latter requirement permits the maintenance of the 
in situ grain structure of the soils, assuming good sampling. They were then recon
solidated at a cell pressure greater than their greatest failure stress and retested in 
undrained compression (stage 2). The second stage was repeated a third time. The 
failure index was defined as the axial stress difference/axial failure stress difference 
[ (01 - 03)/(01 - 03)rJ; the failure index-strain results from the first stage are given in 
Table 1 along with the average values from all three stages. The consolidation pres
sures prior to failure and the failure stresses are given in Table 2. 

The soil in the ground was believed fully saturated, and this was ensured in the lab
oratory tests by the use of a back pressure. Thus the pore pressure coefficient B = 1. 
The triaxial pore pressure characteristics can thus be characterized by recording the 
pore pressure coefficient A. This has been done (Table 3) for the triaxial stage 1 tests 
by using different values of failure index. Also recorded are the average values for 
all three stages. The stage 1 averages are slightly smaller than those from the second 
and third stages, probably because of the slight overconsolidation existing after the 
first stage consolidation. The average values from the second and third stages, how
ever, may be seen to be remarkably close as might be expected from the testing of re
molded normally consolidated clays (4). Thus stage testing should preferably not be 
used to obtain the pore pressure coefficient A; this coefficient should be based on the 
first stage results. Another difference that can be noticed from the average results is 
that the coefficient A is less variable for the stage 1 results than for the other two 
stages, which is in agreement with the reported work on sampling effects on Leda clay 
(18). 
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The consolidated undrained tests with pore pressure measurements allow effective 
stress Mohr circles to be drawn. The circles obtained from the two samples closest 
to the surface are shown in Figure 1. These results are interesting insofar as the 
circles obtained at higher pressures allow an evaluation of the unstructured ¢' to be 
obtained (i.e., the value of¢' that results inc' = O, which is a common result for nor
mally consolidated remolded clays). These values of unstructured ¢' are tabulated 
and given in Table 2. The low pressure circle indicates that c' /. 0 at low confining 
pressure. Unfortunately when these tests were performed, little was lmown about the 
strength properties of cemented soils. Based on the work of Townsend, Sangrey, and 
Walker (24) and Raymond and coworkers (18), much more emphasis should have been 
put on obtaining good undisturbed soil samples and testing these samples at low confin
ing pressure. Herein only the results available can be used, and thus the unstructured 
values of ¢' will be used. 

The values of¢ ' given in Table 2 are different with depth . Townsend et al. (23) have 
shown that some of this variation can be accounted for by composition in terms of finer 
and coarser grained layers of the varved specimens tested. By taking a conservative 
value of the results, which would correspond to a varved structure when the finer 
grained layers predominate, a value of ¢' = 24 deg was selected for the effective stress 
analysis reported herein. 

A second set of trimmed samples was tested in unconfined compression, whereas a 
third set was more recently obtained with a Swedish piston sampler, modified so as to 
have rigid piston fixing rods and tested at the sampler diameter of 1.9 in. (50 mm), i.e . , 
no trimming. The results from the third set are given in Table 3. In addition to un
confined compression tests this third set of samples was tested in the odometer to ob
tain the preconsolidation pressure of the soils. The failure strengths and preconsoli
dation pressures are shown in Figure 2 along with the typical in situ vane test results. 
The results shown in Figure 2 are from the instrumented section of the embankment. 
Figure 3 shows details of in situ vane tests along with the usual identification tests (i.e., 
plastic limit, in situ moisture content, bulk specific gravity, and liquid limit) from the 
failed area of the embankment some 426 ft (130 m) from the instrumented area. The 
strength results shown in Figures 2 and 3 are very similar and may be approximated 
below the desiccated crust by 

Cu = 10.0 + 1.83 z kN/m2 (1) 

where z is the depth below the surface. The crust may be seen to be about 9.8 ft (3 m) 
deep and the strength of the crust if projected to the surface results in a maximum sur
face value of 75 kN/ m2

• Thus for the upper 9 .8 ft the maximum strength measured is 

Cu = 75 - 16.5 z kN/ m2 

INSTRUMENTATION AND PORE PRESSURE RESPONSE 

(2) 

The instrumentation used at the New Liskeard embankment site is shown in Figure 
4. The instrumentation was placed 1 year prior to construction. Construction was 
completed rapidly with 18.7 ft (5.7 m) of fill being placed within 30 days. As men
tioned earlier, some details of the overall performance are given by Stermac, Lo, and 
Barsva.r y (20), and details of the undrained performance are analyzed and presented by 
Raymond (fif). The failure of the embankment has previous ly been analyzed by Lo and 
Stermac (10), who also gave sw·vey details of the section that failed. 

The pore pressure response measured in those piezometers that were still in work
ing order below the toe is shown in Figure 5. The pore pressure may be seen to in
crease for some time after the end of construction. The exact reason for the post
construction increase in pore pressure is unknown, but contributing factors are prob
ably undrained creep (Walker, 1969 ), stress redistribution during consolidation, and 
lateral drainage. Figure 6 shows the measured pore pressure plotted against depth at 
the end of embankment construction (30 days) and 30 days later (60 days). The latter 
time corresponds to the estimation made by Raymond (17) of the end of major undrained 
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Table 1. Percentage of strain for consolidated undrained 
tests on varved clay. 

Sample (01 - 0,)/(01 - er,), 
' Depth "· (m) (kN/m') ½ ¾ '/, lS/16 

1.52 36 0.65 1. 75 2.80 3.70 5.37 
4.57 27 0.32 0.77 1.17 1.40 2.69 
7.63 61 0.20 0.70 1.30 1.90 3.37 

10.6 115 0.22 0.48 1.08 1.44 3.00 
13. 7 130 0.12 0.50 1.10 1. 75 4.36 
16.8 162 0.16 0.48 0.9Q 1.20 2.45 
19,8 170 0.16 0.43 1.02 1.60 3.17 
22 .9 237 0.20 0.47 0.77 1.06 2.21 
25 .9 280 0.27 0.44 0.65 0.89 2.52 
29 .0 480 0.06 0.24 0.42 0.58 1.38 
35.0 305 0.25 0.45 0.66 0.87 2.15 
38.1 416 0.28 0.48 0.76 1.06 2.63 
41.2 447 0.24 0.40 0.65 0.90 1. 70 

Average stage 1 0.24 0.58 1.02 1.41 2.84 
Average stage 2 0.17 0.45 0.87 1.43 3.06 
Average stage 3 0.20 0.52 1.03 1.42 3.36 

Table 2. Triaxial failure stresses (kN/m 2). 

Percentage 
Sample of Finer stage 1 stage 2 
Depth Grained 
(m) Layer ' o. (01 - a,), "· (01 - o,), 

1.52 75 36 78 144 150 
4.57 67 27 48 144 83 
7.63 0 61 67 180 146 

10.6 83 115 84 252 142 
13.7 43 130 87 290 164 
16.8 68 162 120 360 189 
19,8 50 170 136 360 212 
22 .9 67 237 197 502 286 
25.9 14 280 178 576 379 
29.0 62 480 307 936 494 
35.0 305 290 
38.1 416 264 
41.2 447• 477 

Figure 1. Typical Mohr circles from triaxial stage tests. 
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Table 3. Percentage of strain for unconfined compression 
tests from Swedish sampling. 

Sample (er1 - er,)/(er1 - er,), 
Depth (er, - er,), 
(m) ½ ¾ 11, 15/10 (kN/m') 

3.8 0.52 0.98 1.45 1. 78 2.50 39 
4.0 0.54 1.20 1. 75 2.10 3.00 28 
5.8 0.40 0.72 0.98 1.16 1.67 41 
6.0 0.44 0.90 1.24 1.46 2.10 47 
6.3 1.85 3.10 4.35 5.20 7.20 46 
7.8 3.01 5.54 7.35 8.45 9. 75 83 
8.0 1.27 2.30 3.25 4.0 5.12 49 
8.5 1.50 2.40 3.40 4.30 6.40 48 
9.8 · 0.48 0.80 1.11 1.34 1.80 55 

10.0 2.40 3.23 3.95 4.54 5.84 49 
10.3 0.63 1.00 1.32 1.40 2.40 54 
12.0 0.60 1.00 1.32 1.65 2.50 62 
12.3 0.80 1.30 1.80 2.10 3.10 70 
13.0 0.55 0.90 1.10 1.22 2.00 85 
13.3 0.50 0.88 1.06 1.20 2.00 90 
15.3 0.37 0.59 0.73 0.83 1.06 89 
17.3 1.38 2.10 2.63 3.02 4.13 75 
18.0 0.70 1.70 3.03 3.74 4.80 64 
21.3 0.66 1.16 1.83 2.35 3.13 47 
23.3 0.80 1.90 2.68 3.01 3.48 55 
25.3 0.49 0.77 1.03 1.23 1.49 50 
27.3 0.65 1.11 1.69 2.22 3.43 58 
29.3 0.56 0.82 1.01 1.21 1.68 50 

Average 0.92 1.58 2.18 2.59 3.50 

Figure 2. Soil properties from borehole near instrumentation. 
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Figure 3. Soil properties from borehole near failed area (..1Q). 
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Figure 5. Measured excess pore 
pressures below toe. 

Figure 6. Excess pore pressures at and 
shortly after the end of construction. 
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movements or movements occurring without loss of water from the soil at depth. Also 
shown ~rP. t.hP. porP. pressures measured below the centerline at 900 days. 

The pore pressures shown in Figure 6 with the exception of those below the center
line suggest that the drainage face near the surface corresponds approximately to the 
water table prior to construction (i.e., 1.5 m deep). The results below the centerline 
are inconclusive as regards the drainage face, and it may well be that the weight of 
the fill was large enough below the full height of the embankment to cause a large de
crease in the permeability of the crust soil material. Thus the drainage face below the 
center of embankment may have moved upward to the surface of the foundation soil. 

The measured pore pressure only gives the pore pressure at specific locations. To 
estimate the effective stress stability requires that the pore pressures on the slip circle 
be calculated. Raymond (17) used finite elements to obtain reasonable agreement (Fig. 
7) between the measured pore pressures and the laboratory pore pressure coefficient 
A (assuming B = 1) by using the equation suggested by Skempton (19): 

(3) 

where t:,. 0-1 and t:,. 0'3 are the principal increases in total stress, and the value of A is ob
tained from laboratory tests at the same percentage of failure as given for the point 
under consideration from the finite element result. Obviously the use of finite elements 
to calculate the pore pressure in many practical jobs would be overly expensive and 
unwarranted. For this reason a similar approach was attempted by using the Bous
sinesq stress increases except that the coefficient A used was the failure value. These 
results are shown in Figure 8 where the Boussinesq stress distribution below the four 
locations is also shown. It may be seen that the estimated pore pressures using the 
failure coefficient A lead, in general, to predicted pore pressures slightly greater than 
those measured, and thus such an approach would lead to conservative effective stress 
stability factors of safety. Because of the simplicity of calculating the Boussinesq 
stress increase, this approach was adopted for the study reported herein. 

TOTAL STRESS AND PARTIAL TOTAL STRESS ANALYSIS 

The method of analysis used was that described by Bishop (3) modified when ¢ -/c 0 
as required. These modifications are given in the Appendix. No strength was assigned 
to the fill; thus, when ¢ = 0 in the foundation material, Bishop's method of analysis will 
correspond to the Swedish slip circle or method of slices. Two analyses were done. 
The first used 20 slices of equal width, and the second used 20 slices of variable width 
with equal depth spacings of the slices. These two methods gave factors of safety with
in 5 percent of each other; the equal width method generally gave slightly lower factors 
of safety. The analysis was programmed for a computer so that a large number of slip 
circles of various radii and slip circle center coordinates could be tried until the 
minimum safety factor was found. 

In the analysis of low, wide embankments built of granular material, it seems rea
sonable to neglect the resistance to rotational failure contributed by the embankment. 
In a slip circle analysis the failure surface is steepest in the fill, and thus the frictional 
resistance will tend to be smallest. Lo and Stermac (10), for example, in their analy
sis of the New Liskeard embankment concluded that thefill strength contributed 6 to 
10 percent of the value of the factor of safety. Jakobson (9) uses the assumption of no 
fill strength in discussing the design of embankments on soft clays. In addition it must 
be remembered that, in general, the fill will be constructed of a soil different from t.'1.e 
foundation soil. The stress-strain characteristics of these two soils may be expected 
to be different. Thus their peak strengths will not, in general, be mobilized simul
taneously. It therefore seems reasonable to neglect the strength of the fill. This as
sumption is confirmed by the actual failure through the embankment where the failure 
was vertical through the fill. Typical photographs are shown by Lo and Stermac (10). 

Figure 9 shows the results of the computations assuming ¢ = 0 below the crust.
Above the crust a number of different assumptions were taken. The results obtained 
with the most realistic of these assumptions are shown in Figure 9. First, three com
plete total stress analyses were performed. These three assumptions were 



Figure 7. Comparison of excess 
pore pressures measured with those 
predicted from finite element 
analysis. 

Figure 8. Comparison of excess 
pore pressures measured with those 
predicted from Boussinesq stress 
distribution. 
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1. That the soil had no crust so that the soil strength equation below the crust was 
valid in the crust, Cu = 10.0 + 1.83 z kN/m2

; 

2. That the soil had a constant crust str,ength, Cu= 15.5 kN/m?. to a depth of 9.8 ft 
(3 m), which is the soil strength at 9.8 ft (i.e., the bottom of the crust); and 

3. That the full measured crust strength was Cu = 75 - 16.5 z kN/m2 to a depth of 
9.8 ft (3 m) and Cu = 10 + 1.83 z kN/m2 below 9.8 ft. 

At 9.8 ft (3 m) these equations give the same strength of 15.5 kN/m2
• These three 

methods result in factors of safety of 0.88, 0.93, and 1.30 respectively. 
Second, some partial total stress analyses were calculated. The same shearing 

strength equation was assumed below the 9.8-ft (3-m) thick crust while an effective 
stress analysis was used for the crust. Two results are shown in Figure 9. In both 
cases shown c' = O, ¢' = 24, bulk specific gravity= 2.0, and the water table was taken 
as 4.9 ft (1.5 m) below the surface. The other assumptions were (for the 9.8-ft crust) 

1. That excess pore water pressures were given by Au = Acra + Ar (acr1 - Acra) where 
the stress distribution was given by Boussinesq and Ar was interpolated from Table 3-
0 at the surface, 0.15 at 4.9 ft (1.5 m), and 0.21 at 9.8 ft (3 m); and 

2. That excess pore pressures completely dissipated. 

These two assumptions resulted in factors of safety of 0.96 and 1.17, but the assump
tions on excess pore pressure in the crust gave a critical failure circle closest to that 
actually surveyed. These are all shown in Figure 9. The effect of moving the water 
table to the surface reduced these factors of safety to 0.72 and 1.10. These last sets 
of results indicate quite a substantial effect of the assumed position of the water table 
in an effective stress analysis. 

The fact that treating the crust as an effective stress analysis gives factors of safety 
less than those obtained by using the full undrained strength in the crust is in agree
ment with observations by Raymond (16, 17). Raymond found that drained tests on the 
crust soil conducted at confining pressures equal to the effective overburden from the 
site of an embankment at Kars, Ontario, resulted in strengths considerably less than 
unconfined compression or in situ vane strengths. Indeed the drained strengths were 
less at confining pressures equal to the effective overburden plus the overburden due 
to the first stage fill height of 19.7 ft (6 m) than the conservative selected undrained 
strength of the crust soil. 

The use of a total stress analysis results in a critical circle whose center lies above 
the center of the slope. As a change is made to effective stress analysis the critical 
circle center moves toward the toe and to a point above the 1/ a rad slope height (Fig . 9). 
In the analysis performed when a partial total stress analysis was undertaken, two or 
more circle centers gave the same factors of safety. A second point to be noted is the 
shallowness of the failure circles except when the full crust strength is assumed. The 
depth of these circles is generally less than 19.7 ft (6 m). 

EFFECTIVE STRESS ANALYSIS 

The effective stress analyses were carried out by using the method described by 
Bishop (3) modified as in the Appendix and used in the partial total stress analyses. No 
strength was assigned to the fill for reasons previously presented. Several possible 
assumptions were investigated. Both equal slice and variable slice widths were used. 
Again the difference in results was small. Three results for equal slice width are 
shown in Figure 10. In each case c' = 0, ¢' = 24, bulk specific gravity = 2.0, and the 
water table was taken as 4.9 ft (1.5 m) below the surface. The pore pressure coeffi
cient Ar was assumed to vary as given in Table 4 to a depth of 34.9 ft (13.7 m) at which 
point A, was taken as 0.9 and constant with depth. The three additional sets of assump
tions were 

1. That excess pore water pressures are given by 6u = 6cra + Ar (60-1 - 6cra), where 
the stress distribution was given by Boussinesq; 

2. That excess pore water pressure was as above but completely dissipated above 
water table; and 

3. That excess pore water pressure completely dissipated in whole mass. 
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These assumptions resulted in factors of safety of 1.17, 1.58, and 2.39 respectively. 
Raising the water table to the surface reduces the factors of safety to 0.72, 1.21, and 
1.96. This again shows the importance of exactly locating the water table for effective 
stress analysis. 

The location of the critical circle by using the full excess pore water pressures is 
given by a very shallow failure circle that is unacceptable from a practical point of 
view. The factor of safety of 1.17 is, however, the most acceptable of effective stress 
values for the analyses with the water table at 4.9-ft (1.5-m) depth. The large differ
ences in the calculated factors of safety indicate that the use of the effective str£SS 
method is very much dependent on making rather precise, realistic assumptions be
cause small errors will result in large errors in the factor of safety. It also suggests 
that stability could be improved with relatively shallow sand drains. 

It may be seen from Figure 10 that the use of an effective stress analysis results 
in critical circles for this foundation with centers above the 1

/ 3 rad slope height. The 
depth of the circles is also less than 19.7 ft (6 m). These results would seem to be 
reasonable indicators of where the instrumentation should be concentrated at this site 
had the observational method (14) been used for controlling construction to the fill height 
of 19.7 ft (6 m). -

FINITE ELEMENT TOTAL STRESS ANALYSIS 

The method used herein to predict the overstressed areas below the New Liskeard 
embankment was finite element analysis. A full description of the procedure is given 
by Raymond (17) and is summarized here. The failure index-strain relationship was 
assumed uniform throughout the deposit. The average values obtained from the con
solidated undrained tests given at the bottom of Table 1 were taken to be the design 
values. After failure the shearing strength was assumed constant. It is well known 
that the shearing strengths from consolidated undrained tests vary with the consolida
tion pressure; thus the tests cannot be used to estimate the in situ shearing strength. 
In a weak deposit such as that at New Liskeard it is common to use in situ vane shear 
tests supported by unconfined compression tests to obtain the in situ strengths. This 
procedure was followed for the analysis. Poisson's ratio was taken as 0.49 inasmuch 
as the finite element method does not permit the use of 0.5. 

Using coarse finite elements or small elements had far less effect on the results 
than the material properties assumed for the elements. Figure 11 shows the failed 
elements using the assumption 

Cu = 10 + 1.83 z kN/m2 

throughout the deposit and a multilinear stress-strain relationship. It may be seen that 
failure has occurred in sufficient elements that the finite elements will continue to yield. 
Thus using the above equation as valid for the strength throughout the whole deposit in
cluding the top 9.8 ft (3 m) results in a failure of the embankment foundation. The sim
ilarity in the computed failed mass with the observed failure is very encouraging re
garding further development of the finite element method. 

When a full crust strength and the same multilinear stress-strain derivation were 
assumed, no failed elements resulted from a finite element analysis. On the other hand 
assuming a full crust strength and a bilinear material based on an initial modulus using 
the average strain at one-half failure (the strains at a failure index of½ given in Table 
1) and a zero second or final modulus resulted in a large number of failed elements oc
curring below the central portion of the fill (Fig. 12). Although the failed elements 
shown in Figure 12 are coarse, the same pattern was obtained with elements one-third 
the vertical linear dimension. Figures 11 and 12 confirm the finding regarding the ma
jor effect of the assumed stress-strain relationship. In addition a multilinear analysis 
was performed by using a constant crust strength of 15.5 kN/m2, which resulted in a 
failure pattern similar to that shown in Figure 11 except that the failed area was not so 
extensive. This is shown in Figure 13. The analysis indicates that the failed elements 
are just about to spread to the surface at the toe, which indicates a factor of safety 



Figure 9. Typical failure circles for total and 
part total stress analysis. 
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TOTAL AND PART TOTAL STRESS ANALYSIS 

Table 4. Pore pressure coefficients for New Liskeard 
varved clay. 

Sample (CJ1 - CJ,)/(CJ1 - CJ,), 
Depth ' CJ, 
(m) (kN/m2

) ½ ¾ ¼ .. ; .. 
1.52 36 0.61 0.41 0.25 0.18 
4.57 27 0.28 0.32 0.31 0.29 
7.63 61 0.45 0.49 0.49 0.48 

10.6 115 0.30 0.46 0.57 0.63 
13.7 130 0.59 o. 77 0.83 0.85 
16.8 162 0.76 0.76 0.78 0.80 
19.8 170 0.55 0.62 0.73 0.77 
22.9 237 0.55 0.60 0.64 0.66 
25.9 280 0.63 0.65 0.74 0.84 
29.0 480 0.44 0.69 0.73 0.75 
35.0 305 0.58 0.58 0.59 0.60 
38.1 416 0.51 0.51 0.66 0.74 
41.2 447 0.74 0.74 0.87 0.92 

Average stage 1 0.54 0.58 0.63 0.65 
Average stage 2 0.56 0.64 0.71 0.78 
Average stage 3 0.55 0.65 0.71 0.77 
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Figure 10. Typical failure circles for effective 
stress analysis. 
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Figure 11. Failed elements from finite 
element analysis with no increased 
strength in crust and multilinear 
stress-strain soil properties. 

Figure 12. Failed elements from finite 
element analysis with full crust strength 
and bilinear stress-strain soil properties. 
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close to one. The similarity between the computed failed mass using multilinear anal
ysis and observed failure (Figs. 11 and 13) is very encouraging regarding further de
velopment of the finite element method. Obviously the major question is still what as
sumptions are to be made regarding the design strength of the crust. The importance 
of the multilinear approach has, of course, already been emphasized. 

The finite element method can in some cases be most valuable. This is demon
strated by Hollingshead and Raymond (8), who analyzed the performance of an embank
ment foundation involving peat and lake-marl overlying soft clay. The peat and lake 
marl consolidated quickly with the placement of berms, whereas the central fill caused 
the underlying clay to squeeze laterally outward causing large settlements without any 
observable slip circle reaching the surface. 

CONCLUSIONS 

The performance of an instrumented section of the New Liskeard embankment along 
with laboratory and in situ tests has been used to analyze the failure of a similar height 
of the same embankment situated (130 m) away that failed. For this embankment foun
dation tentative conclusions may be drawn. 

1. The near failure excess pore pressures in the foundation material may be calcu
lated with sufficient accuracy for practical purposes from a Boussinesq stress distribu
tion increase and Skempton's pore pressure equation (19) by using failure pore pressure 
coefficients -

the pore pressure coefficient A, being obtained from samples that are laboratory
consolidated isotropically at or just below (between½ and 1 time) their overburden 
pressure and less than one-half to three-quarters their preconsolidation pressure. 

2. The major problem in using undrained test results in a total stress analysis is 
the assignment of soil strengths to the crust material. The crust material generally 
has an unconsolidated undrained strength greater than its drained strength. The most 
realistic factor of safety was obtained by using effective stress analysis with estimated 
pore pressures in the crust material and undrained total stress analysis below the crust. 
Any use of effective stress analysis was, however, found to be very sensitive to the 
position of the preconstruction water table. Thus the preconstruction water table should 
be very carefully determined where stage construction techniques are to be used. 

3. Both the actual failure and the estimated failure circles were found to be very 
shallow, extending generally to a depth less than 19.7 ft (6 m). They also extended to 
their deepest position below the 1/3 slope hei,ght. Thus, for controlling construction, 
the instrumentation for a fill height of 19.7 ft (6 m) should be located below and to 
either side of the 1

/ 3 slope height to a depth of at least 19. 7 ft. 
4. The use of the most realistic effective stress analysis parameters (i.e., with un

drained excess pore pressures throughout the mass) resulted in a very shallow unreal
istic slip circle although the factor of safety was only slightly too large (1.17). In 
view of the shallowness of the failure circles it is believed that improvement to the 
stability at this site could be obtained with relatively shallow sand drains. 

5. The finite element analysis was found to be useful in predicting the failed area 
by using a pseudo total stress analysis, provided multilinear stress-strain properties 
were used. If bilinear soil properties were used, the yield zone became unrealistic in 
terms of the observed failure. 
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APPENDIX 
APPLICATION OF BISHOP'S METHOD 

Bishop (3) developed his method of stability of slopes based on the method of slices. 
The forces assumed by Bishop on a typical slice are shown in Figure 14, which also 
shows the definition of the symbols used. 

The normal effective stress on the failure surface is 

p p' 
an= t = T + u 

The shearing stress mobilized is given by 

s = ½ [ c' + (i -u) tan ¢ '] 

[Barron (2) has shown that this is not strictly correct.] Taking moments about the 
center of the failure circle gives 

I: Wx = I: s.rn 

Resolving forces vertically on slice and substituting in the above equation result in [see 
Bishop {~) for derivation] 

F = r;w } sin o: I: [ c' x b + (W - u x b + Xn - Xn+l) tan ¢ ') l ta:~c : tan 0/ 

+ F 

Figure 14. Slice forces assumed for Bishop (J) analysis. 
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Bishop suggested that for slopes little loss of accuracy is obtained by assuming 

Xn - Xn+l = 0 

This simplification was assumed for the calculations reported herein. With this sim
plification, the normal effective force P' may be shown to be 

P' 

(1 tan ¢ tan er:) cos O! + F 

It is unUkely that either P' or (1 + tan ¢~tan O!)can be negative. In fact when the sta

bility of the New Liskeard embankment foundation was calculated, negative values of 
these terms did occur. Under such conditions the Bishop analysis was modified by 

making those terms that were negative in the summation equal to b x c' • 
coso: 

In practice piezometers are often used to control construction. Under such condi
tions it is more desirable to calculate the ratio Ur of excess pore pressures required 
to obtain the design factor of safety 1.\- to the predicted excess pore pressures up. Bish
op's equation can then be rewritten as 

F x sec O! . 
~ [ C ' X b + (W - Uo X b) tan ¢ 'J F t ,. t - ~ F X w X sm Ci 

Ur = ~ = + an 'II x an O! 
Up F x tan ¢ x sec er: 

~upxbx F + tan¢ xtanO! 

where 

u0 = initial water pressure due to the water table, 
Ui- = excess pore pressure required to reduce the stability to a factor of safety F, and 
uP = predicted excess pore pressure. 

Values of Ur may be obtained for various values of F. Thus 1.\- may be obtained from 
Ur and uP. The resident engineers can then be instructed to stop construction when any 
piezometer registers a preselected value of 1.\- for that piezometer. If Ur is less than 
or close to 1, controlled or stage construction must, obviously, be employed. Inter
estingly Ui- + Uo will be independent of the initial water table assumed (other terms being 
constant). 



LANDSLIDES IN SENSITIVE MARINE CLAY 
IN EASTERN CANADA 
W. J. Eden, National Research Council of Canada, Ottawa; and 
R. J. Mitchell, Queen's University, Kingston, Ontario 

A brief review of the regional aspects of the landslide problem in the St. 
Lawrence River lowlands is presented. More detailed studies of landslides 
in the area around Ottawa are stressed. A method of analysis for slopes 
is suggested in which particular attention is given to the weathered surface 
layers of the clay. Some of the conditions leading to large retrogressive 
landslides are considered. 

•THE ST. LAWRENCE RIVER lowlands have extensive deposits of sensitive postglacial 
marine clay prone to landslide activity. In this respect many similarities exist be
tween the situation in eastern Canada and that in Norway and SWeden. Certain areas 
have a history of very large landslides of the earthflow type; the most noteworthy recent 
landslide, which occurred at Saint Jean Vianney in May 1971, resulted in the loss of 31 
lives and involved several million cubic yards of clay (30). In such areas the location 
of transportation routes requires more than the normalgeotechnical study. For ex
ample, eight bridge sites were investigated for a crossing of the South Nation River in 
eastern Ontario; several of these sites were rejected because of the dangers presented 
by a possible earthflow. In May 1971 a large earthflow occurred close to one of the 
rejected sites (9). 

During the past 20 years a number of investigators have conducted detailed geotech
nical studies in areas of intense landslide activity. These studies indicate that regional 
differences exist in the characteristics of the deposits and in the type of landslide ac
tivity. This paper reviews certain regional aspects of the problem but concentrates on 
the analysis of the landslide phenomenon in the Ottawa area. Two examples of earth
flows and several smaller landslides will be used to demonstrate the behavior of the 
Ottawa area Champlain Sea clays in landslides. 

REGIONAL FEATURES 

An appreciation of the geological history of the sensitive marine clays of the Champ
lain Sea may be gained from various papers (10, 11, 12, 16). Chagnon (4) prepared an 
inventory of documented landslides in the province of Quebec; La Rochelle, Chagnon, 
and Lefebvre (21) extended Chagnon's work by using photogrammetric studies and dis
cussed the landslide problems in Quebec. The major areas of intensive landslide ac
tivity are shown in Figure 1. If known landslides in the Champlain Sea clay areas of 
eastern Ontario were added to Chagnon's inventory, the number of past occurrences 
would exceed 700. Published information on 50 large flowslides indicates a total loss 
close to 100 lives and approaching 10,000 acres of uplands. 

Although all of these landslides occurred in clay deposits of the Champlain Sea, im
portant regional differences exist in the physical properties of the clays. For example, 
the consolidation of the clay varies from normally consolidated to an overconsolidation 
of 10 tons/ ft2 (9.76 kg/ cm2

). Plasticity varies from very weakly plastic to plasticity 
indexes of 40. The one common property is high sensitivity or loss of strength upon 
disturbance. 

Although no generalization is justified without complete knowledge of the geology of 
a particular basin, the clays occurring along the Saguenay River and lower St. Lawrence 
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valley appear to be either heavily overconsolidated or very strongly cemented or both. 
The mechanical behavior of such clays is described in some detail by Loiselle, Mas
siera, and Sainani (23) and Townsend, Sangrey, and Walker (31). The landslide on the 
Toulnustouc River {'5j and the Saint Jean Vianney landslide (2"0) occurred in these rela-
tively stiff sensitive clays. -

In the central St. Lawrence lowland, the clays tend to be softer and only lightly over
consolidated (11). This area has many extensive clay plains of low relief and rather 
poor drainageconditions. Some stream courses, such as the Maskinonge, show scars 
of many landslides, frequently side by side (Fig. 2). Karrow (17) describes the land
slide problem on two topographic map sheets from the area, and La Rochelle and his 
coworkers (21) illustrate the situation along the Yamaska River. Other landslides that 
have been documented from the region occurred at St. Thuribe (28) and at Nicolet (2, 
13). - -
- The Ottawa River valley, because of its higher elevation, may in general tend to have 
better drainage conditions than the area east of Montreal. Many clay slopes in the 
Ottawa area have developed a weathered crust of clay that is considerably stronger 
than the W1derlying clay. The crust may extend to depths of 10 to 20 ft, and a part of 
the initial slip develops in this weathered material. The Ottawa area clays also have 
a postglacial history of erosion and redeposition due to influx of fresh water from the 
Great Lakes through the Ottawa River at one stage (10). Redeposited clays overlie the 
marine clays to significant depths, and most of the landsliding is thought to develop in 
the redeposited materials. Sangrey and Paul (29) discuss this situation as it pertains 
to the Green Creek valley east of Ottawa. -

Although some of the marine clays in the Ottawa area exhibit a brittle type of be
havior (5), the redeposited clays and the clays in the weathered crust show a dilatant 
frictionai type of shear behavior W1der low normal stress levels, such as prevail in the 
initial stages of a landslide. This type of shear mechanism has been demonstrated by 
Jarrett (15) and Ladanyi and Archambault (19) as well as by the present authors (7). 
The shear mechanism is considered to arisebecause of inherent defects or planes of 
weakness in the clay and results in a curved failure envelope. In many cases the land
slide activity is confined to one or two slips (Fig. 3). The debris from such slides has 
a granular-like appearance and is composed mainly of fissured clay. Occasionally 
large-scale retrogressive failures follow the initial slip, with the softer, more sensitive, 
W1derlying clay becoming involved, and large earthflows develop such as the South 
Nation River landslide (Fig. 4). In such cases much of the debris becomes completely 
remolded with only the dry surface layers remaining intact as blocks in a mass of 
semifluid material. 

LANDSLIDE ANALYSES 

Initial Sliding 

For the curved failure envelope generally found to be applicable to initial slope fail
ure in the Ottawa valley the empirical strength parameters c' and¢' are variables that 
depend on the effective normal stress. c' and¢' are apparent strength parameters de
termined in drained triaxial strength tests in the appropriate range of normal stresses. 
These apparent properties reflect the dilatant tendencies of the material, such as de
scribed by Ladanyi and Archambault (19). Although it is possible to develop analytical 
procedures for variable strength parameters, the critical stress curve method or a 
linear approximation of the curved failure envelope over the appropriate stress range 
is an acceptable alternative in computing factors of safety. 

The critical stress curve method can be facilitated by the use of computers; a direct 
solution to Bishop's equation will yield the value of c' that gives a factor of safety of 
unity for a given</>' and given slope conditions. Various combinations of c' and <I>' giving 
a factor of safety of Wlity for the critical circle will define a critical stress point in 
(T, a;) space. The critical stress curve joins critical stress points calculated for cir
cles found to be critical for the range of</>' values applicable to the curved strength en
velope. This subroutine has been programmed by Arseneault (1), and the program was 
later modified to incorporate a variable r. parameter (7), where r. is the pore pressure 
ratio as defined by Bishop and Morgenstern @). -
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Figure 1. Marine clay and landslide distribution in Quebec (11). 
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Figure 2. Landslide scars along Maskinonge River 
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Figure 3. Landslide on Green Creek, 1971. 

Figure 4. South Nation River landslide, 1971 . 
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Typical results from a critical stress curve analysis are shown in Figure 5. Limit
ing equilibrium is predicted when the slope conditions are such that the critical stress 
curve becomes tangent to or coincident with the failure envelope. The latter condition, 
indicating that a number of slip circles reach critical equilibrium at the same time, is 
often found to be the case when retrogressive failures have followed initial sliding. The 
minimum factor of safety can be obtained as the minimum ratio r / f, where -r is the 
shear strength at a given value of a: and 'f is the average shear strength required for 
stability and is obtained from the critical stress curve at that value of a;. If it is shown 
that factors of safety can be predicted to greater accuracy than obtained by this graph
ical method, these factors can be calculated for the critical circles by means of an 
iterative subroutine. The graphical method facilitates direct comparison of stability 
of slopes with variable ru factors and variable strength parameters. 

A number of documented slope failures in the Ottawa area have been analyzed by using 
this method; relevant data are given in Table 1. A calculated factor of safety close to 
unity was found to correspond, in most cases, to hydrostatic saturation of the slope. 
Tension cracks have been noted prior to failure (26), and hydrostatic saturation may be 
due to surface water infiltration into these openings. Eden (6) describes a case where 
surface water was observed entering the soil via tension cracks a few hours prior to 
failure of the slope. 

The large variations in the values of c' and¢' used in the analyses given in Table 1 
result from the variations in average depth of failures, hence the point of tangency of 
the critical stress curve and the curved failure envelope. Actual variations in soil 
strength from various sites in the Ottawa valley region are shown in Figure 6. The 
data in Figure 6 include a variety of sample sizes, sample orientations, and type of 
samples (block and tube samples); little, if any, reduction in shearing resistance after 
failure occurs in this stress range (25). There are a few outcroppings of the intact 
marine clay in the Ottawa valley (lD,29), and these clays yield a peak strength envelope, 
represented by the dashed line in Figure 6, with considerable loss in shearing resis
tance after peak strength. A 30 percent variation in strength of samples obtained from 
different sites is shown in Figure 6. Detailed strength testing is necessary at any given 
site if usually accepted factors of safety (1.2 to 1. 5) for long-term slope stability are 
to be used. These data also indicate that </J' ::ce 55 deg for c' = O, where ¢' is the apparent 
angle of obliquity. 

The depth of initial failure in most of the cases documented is considered to extend 
below the depth of active weathering. For a curved failure criterion, the depth and 
location of the critical circle depend mainly on the slope geometry and any adverse 
groundwater conditions. Three examples will serve to indicate this dependence. 

Breckenridge Landslide, 1963-A critical circle encompassing the entire slope at 
Breckenridge and giving a factor of safety of about 1.05 is predicted on the computer 
by using the average measured groundwater conditions (ru = 0.4). When the variation 
in groundwater pressure was considered and by using the variable r u program, a cal
culated factor of safety of 0.98 was obtained and the critical circle was predicted to 
emerge about midway up the slope (7). The position of this predicted circle satisfies 
the kinematic restrictions suggested by Kenney and Ali (18). This example shows that 
the location of the critical circle is dependent on variations in ru, a factor of importance 
in considering stabilization methods and the possibility of retrogression. 

South Nation River Landslide, 1971-Almost ½ mile of initial failure at this site oc
curred in slopes with profiles as shown in Figure 7. An analysis of the overall slope 
yields a factor of safety of about 1. 5. It is known, however, that the failure occurred 
under drawdown conditions (9). When a toe failure was considered (using ru = y./y0011 

to approximate rapid drawdown), a factor of safety of 1.02 -was obtained. Table 1 shows 
that an identical factor of safety was obtained for a uniform 20-deg slope that failed 
near the southwesterly limits of this landslide. The strength parameters applicable to 
these two failures in exactly the same material are different because of the different ·· 
depths of material involved in the initial slide. This example shows the importance of 
allowing sufficient latitude in the search area and considering the experimental varia
tions of c' and ¢' when slopes with variable two-dimensional geometry are analyzed. 
The relevant critical circles are shown in Figure 7. 



Figure 5. Critical stress curve analysis . 
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Table 1. Details of landslide analyses. 

Critical 
Strength 

Height Average Parameters 
of Slope 
Slope Angle c' Ill' 

Slope Failure (m) (deg) (kg/cm') (deg) r , 

SLOPE 

1.0 

Breckenridge, 28 24 0.06 35 0.4 to 0.65 
1963 (25) 

RockcliHe, 12 27 0.12 33 0.62 
1967 (25) 

Orleans-;- 10 35 0.11 34.5 0.59 
1965 (8) 

Rockclltte, 12 24 0.092 36.8 0.62 
1969 (27) 

Green Creek, 18 19 0,05 41.5 0,6 
1955 (27) 

Green Creek, 10 25 0,10 36 O.G 
1971 (26) 

Breckenridge, 26 22 0 55• 0.62 
1970 (26) 

South Nafion 9 29 0.09 36 0,60 
River(!) 20 20 0.14 27 0.54 

•rJl calculated with c' = 0. bAssumed. 

Figure 6. Strength data for several sites in Ottawa area . 
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Figure 7. South Nation River landslide analysis. 
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Breckenridge Landslide, 1970-If the curved failure envelope in Figure 6 is presumed 
to pass through the origin of coordinates, the crilical circle may be surficial; surficial 
sloughing is noted in actively eroding slopes with little vegetative cover, but several 
documented initial failures approximate reasonably well to circular arc sliding (8, 27). 
The end condition at the toe, stiffer weathered crustal material, and reinforcing root 
structures are factors that make surficial infinite slope failure less critical. Where 
sufficient removal of toe support occurs because of natural erosion or construction ac
tivities, infinite slope sliding may occur; an example of this type of sliding on the 
Breckenridge Creek is reported by Mitchell and Eden (26) and is shown in Figure 8. 
By using the equation for infinite slope sliding ~)l witli"r,. = Ywh and /3 = 22 deg (condi
tions applicable to this failure), a value of¢' = 55 ½ deg is obtained at critical equilib
rium (factor of safety = wiity). Analyzed by using the values of c' and ¢' applicable to 
the 1963 Breckenridge landslide, a factor of safety in excess of wiity would be obtained 
for the critical circle. 

The 10 analyses of slope failures given in Table 1 were carried out using strength 
data from laboratory tests. Calculated factors of safety are 1 ±0.05. These data sug
gest that the long-term factor of safety of a slope in the Ottawa area can be calculated 
with some confidence by using the approach outlined above. 

Retrogressive Sliding 

Early Canadian geological literature contains many classic descriptions of large 
landslides in the Champlain Sea clays. Very little information about soils is contained 
in these reports and the geotechnical research effort has been concerned mainly with 
mapping areas of known slide activity (14, 21). Meyerhof (24), however, presents and 
compares some soils data from variouslarge landslides. The occurrence of two very 
large landslides in the spring of 1971-the Saint Jean Vianney slide (30) and the South 
Nation River slide (9)-provided opportunities for the soils conditions at the sites of 
these landslides to be investigated. Because these investigations are still in progress, 
the discussion herein will be restricted to a description of retrogressive mechanisms. 

Eden and Mitchell (7) showed that computed factors of safety for circular arc retro
gression following initial slope failure are significantly less than wiity in cases where 
field observations indicated that retrogressive sliding did occur. Stability analysis 
based on drained test data cannot, however, be extended to multiple retrogressions; 
after several retrogressive slides have developed, further retrogression must be 
treated as a "short-term" widrained stability problem. Elements of soil are sheared 
widrained from the in situ K, condition, and the peak shearing resistance is represented, 
for Champlain Sea clays, by a cementation strength (5, 31). Because the cementation 
strength is in excess of the frictional strength commensurate with the in situ voids 
ratio, a reduction in shearing resistance in widrained tests is observed after the peak 
strength. Such strain-softening characteristics should be considered if accurate factors 
of safety are to be calculated for widrained slope failures. A method for developing 
local residual factors to be applied in the standard upper bound solution to short- term 
slope stability in Champlain Sea clay has been presented by Lawrence (22). 

Field evidence indicates that spoil from large retrogressive landslides is largely 
remolded and exhibits viscous or plastic flow. These landslides are generally associ
ated with soft underlying materials or with interbedded silts and fine sands. It would 
appear that the failure mechanism involves extrusion and/ or liquefaction. Extrusion 
may occur where the material is cohesive (largely clay minerals), whereas liquefaction 
is a possible mechanism when loose silts and sands are interbedded with the clays. An 
elastic, perfectly plastic, finite-element stress analysis for slopes in Champlain Sea 
clay (22) indicates that a confined plastic zone (yielded zone) would form near the base 
of a slope and would extend to a free boundary near the toe (such that extrusion would 
occur) when the factor of safety, based on upper bound analyses, approached wiity. 
Strain softening would lead to greater yielding and earlier extrusion. Landslides that 
continue to retrogress in an widrained manner by either extrusion or liquefaction are 
termed "flowslides." 
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It is believed that all landslides in the Ottawa area were initiated by a single rota
tional slide. In many cases several retrogressive slices failed, but the slope height 
was insufficient to cause undrained failure and the retrogression was terminated. In 
a few cases the retrogression developed into a flowslide. 

At least one case record indicates that large landslides may develop by mechanisms 
other than flowsliding. A landslide on the Toulnustouc River, Quebec, involving about 
5 million cubic yards of Champlain Sea deposits, is considered to have developed as a 
progressive, infinite slope type of slide (5). The deposits at the site of the slide are 
interbedded overconsolidated silts and clay silts that dip at a maximum angle of 10 deg 
toward the Toulnustouc River. The failure plane is considered to have followed the 
bedding planes. This case record indicates that progressive failure at or near residual 
strength may develop under the appropriate geological conditions. As already men
tioned, the Ottawa area Champlain Sea deposits are normally lightly overconsolidated 
and the mechanism of progressive sliding is not considered relevant. 

DESIGN AND CONTROL CONSIDERATIONS 

High groundwater pressures and active toe erosion appear to be the major natural 
factors that cause a slope to become unstable. Ideally, pore water pressure measure
ments should be taken when the stability of a slope is evaluated; such measurements 
are considered essential if there is any indication of artesian conditions. Mitchell and 
Eden (26) measured deep-seated creep movements in slopes where the calculated factor 
of safety was less than 1.25. The possibility of creep movements opening up tension 
cracks and permitting the direct entry of surface water to critical zones, thus promoting 
failure, must be considered. If the calculated factor of safety of a slope, where ru is 
everywhere less than Yw! Y, is less than about 1.5, it is recommended that the long-term 
factor of safety of that slope be evaluated by using ru = Ywh (full hydrostatic saturation). 
If tension cracks are noted in a slope it would be advisable to cover or seal them with 
relatively impervious materials until permanent stabilization methods can be adopted. 
The writers know of several slopes in the Ottawa area where tension cracks were visible 
1 or 2 years prior to slope failure. Testing of soils in the low stress range (under low 
confining pressures) and considering the variance of c' and r/>' with confining pressure 
at failure are necessary if the minimum factor of safety for a given slope is to be ob
tained from an analysis. 

A large measured frictional component of strength and the general high groundwater 
conditions in natural slopes suggest that toe drains may be useful in ensuring the sta
bility of slopes. A small slope failure occurred just east of Ottawa in May 1972, but 
similar adjacent slopes with toe drains remained stable. The toe drains had been in
stalled in connection with a development close to the slope terrace. No other field ex
perience with this type of drain in the Ottawa area is known to the writers. 

Possible future erosion of the toe must be considered when the long-term stability 
of river banks is evaluated. A section of the south bank of the Ottawa River is cur
rently being stabilized against ice and water erosion with rock from excavations in 
downtown Ottawa. Cooperative endeavors such as this would appear to provide an eco
nomical answer to eventual stabilization of natural slopes on well-developed river banks. 
In actively eroding river systems, where erosion will inevitably initiate sliding, mea
sures of controlling or preventing retrogression and/or flowsliding may be possible. 
Landslide warning systems perhaps similar to systems used in the mining industry to 
warn against rock bursts should be developed in hopes of preventing loss of life due to 
flowsliding. 

CONCLUSIONS 

In this paper, the authors have attempted to describe some of the facets of the land
slide problem in the marine clay deposits of eastern Canada. The importance of local 
geological conditions has been indicated by reference to several landslides studied in 
the Ottawa area. The type and extent of the landslide are determined by the prevailing 
local geology. From a study of a number of landslides, an analytical and testing pro
cedure has been found that has been reasonably successful in its application to stability 
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problems. Although the detailed sampling and testing required in the application of 
these procedures may not be applicable to all routine slope stability investigations, an 
understanding of the concepts of a highly frictional behavior and dilatancy at low stress 
levels and a curved failure envelope may assist in assessing remedial measures such 
as slope flattening, toe berms, or drainage provisions. In studies of critical slopes, 
detailed testing and analysis should be justified so that a better correlation can be con
ducted against the existing background of information. 

When detailed investigations indicate that a failure may occur, the consequences of 
subsequent retrogression and a possible flowslide must be considered. Until the mech
anisms and conditions leading to retrogression are better understood, the mapping of 
areas of past retrogressive landslide activity appears to be the best approach for plan
ning purposes. 

In summary this paper has attempted to demonstrate that 

1. Local geological conditions are important to the type and extent of landslide ac
tivity; 

2. The initial phases of a landslide frequently take place in fissured clay, which 
behaves in a distinct manner; 

3. No single shear failure criterion is valid because failure may develop simulta
neously on a number of planes; and 

4. The possibility of retrogressive landslides and large earthflows must be con
sidered. 
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SHEAR STRENGTH INCREASE IN 
A SOFT FOUNDATION CLAY 
Hon-Hsieh Su, California State University, Sacramento; and 
Jerry C. Chang and Raymond A. Forsyth, California Division of Highways 

The increase in shear strength in soft clay (bay mud) due to consolidation 
under highway embankment loading is presented. Vertical sand drains 
were used to accelerate the process of consolidation. The gain in shear 
strength was measured over a 4-year period after construction of the em -
bankment. It is shown that the excess pore water pressure measured in 
the field can be used to predict the increase in shear strength with reason
able accuracy. 

•IN COASTAL REGIONS it is often necessary to construct highway embankments over 
marsh or swamp deposits. Because the natural shear strength of such deposits is usu
ally too low to provide adequate stability against shear failure under normal construc
tion schedules, the rate of the placement of embankment fill must be controlled to meet 
the following two requirements simultaneously: 

1. The shear stresses induced by the embankment load must be smaller than the 
available shear strength so that no large-scale shear rupture in the foundation soil 
will occur, and 

2. Consolidation of the foundation soil must result in sufficient gain in shear 
strength to provide adequate stability under subsequent embankment loading. 

Therefore , the in situ natural shear strength of the foundation soil must be evaluated. 
The amount of gain in shear strength as consolidation progresses must be related to 
some measurable quantity in the field during construction. The design rate of embank
ment loading should be adjusted based on actual settlement and pore pressure dissipa
tion during construction. In this paper, an embankment constructed over soft, peaty, 
silty clay (locally known as bay mud) extending from ground surface to a depth of 50 to 
70 ft is described. The site is an approach embankment at the west end of the Napa 
River Bridge near Vallejo, California, on Cal-37 (Fig. 1). 

Vertical sand drains were used to accelerate consolidation. The placing of sand 
drains began in April 1960. Approximately 2,500 sand drains varying in depth from 
42 to 72 ft were driven. An 18-in. hollow mandrel with a closed bottom was used. Af
ter the mandrel had been driven and the sand placed inside, compressed air was applied 
at the top, forcing the sand out of the hinged bottom as the steel mandrel was withdrawn. 
When the drains were completed, a 2- to 3-ft blanket of filter material was distributed 
over the working platform. Free drainage of water from the permeable blanket was 
aided by placement of an 8-in. perforated metal pipe along the centerline. The details 
of the sand drain installation for this project were reported by Weber (4). The embank
ment fill was 22 ft high after the first stage of construction. The construction was then 
halted because of a failure in the foundation soil. Second-stage construction began ap
proximately 17 months later. The partial plan and typical cross section of the embank
ment are shown in Figure 2. The shear strength in the soft clay was determined just 
prior to construction and for 4 years after construction of the embankment. 

FIELD AND LABORATORY TEST DATA 

The project was instrumented primarily for a study of the effect of sand drains in 
soft foundation soils. Detailed instrumentation and measured data have been described 

28 



Figure 1. Project site. 
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Figure 2. Partial plan and cross section of test site. 
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by Weber (4) and Smith, Weber, and Shirley (3). Only part of the instrumentation and 
their measurements will be discussed here. 

The subsurface profile consists of a relatively homogeneous, gray bay mud com
bined with broken seashells to a depth of 50 to 70 ft. Some layers of sandy silt and 
peat were found between 50 to 60 ft. A firm silty clay underlies the soft bay mud. The 
natural water contents average more than 90 percent, and the in-place shear strength 
determined by vane borer varies from about 100 psf at a depth of 10 ft to about 500 psf 
at a depth of 40 ft. The soft bay mud is slow draining and has a permeability of approxi
mately 10-5 ft per hour as determined by an in situ permeability method described by 
Weber (5). Without special treatment, this soil will support fills approximately 6 ft 
high. The average '·soil properties are given in Table 1. 

As shown in Figure 2, borings were made for determination of shear strength in 
foundation clay prior to the construction of the embankment (D-11, D-12, and D-87) 
and immediately after the completion of the first-stage embankment (D-231). Addi
tional borings were made approximately 1 year (D-224), 2 years (D-302), and 4 years 
(D-504) after the completion of the first-stage embankment fill. 

Laboratory shear strength was obtained from laboratory tests on undisturbed sam
ples taken from these boring holes by using the unconfined compression test (U-test) 
and the unconsolidated-undrained triaxial compression test (UU-test). The samples 
were obtained by either pushing a 2-in. California sampler hydraulically into the bay 
mud or pushing a Swedish foil sampler into clay layers. The results of these tests 
are shown in Figure 3, which clearly displays the increase in shear strength with time 
due to consolidation. Settlement platforms were installed at various parts of the em
bankment. The time-settlement relationship at settlement platform SP-102 is shown 
in Figure 4. Piezometers were also installed in the foundation clay at various depths 
for measurement of excess pore piezometers: P-84 at elevation -15 ft and P-85 at 
elevation -24 ft are shown in the lower part of Figure 4 (see Fig. 2 for the locations of 
these instrumentations). 

ANALYSIS OF SHEAR STRENGTH INCREASE 

The analysis of increase in shear strength in soft clay material involves the evalua
tion of its natural strength and the increase in shear strength during the consolidation 
process. 

The bay mud at the project site is generally normally consolidated. This is verified 
by the shearing strength-elevation relationship shown in Figure 3. Therefore, the value 
of c' in the Mohr-Coulomb equation is zero, and the shear strength may be written as 

s = p tan¢' (1) 

where 

p = effective normal stress and 
¢' = angle of internal friction in terms of effective stress. 

From the shear strength data tested on samples taken from D-11, D-12, and D-87, the 
value of s/p is found to be equal to 0.21, or ¢' = 12 deg. Assuming that ¢'is constant 
both before and after embankment loading, the increase in shear strength in foundation 
clay would be directly proportional to the increase in p. In this article the increases 
in p were calculated based on field measurements of excess pore pressure and settle
ments. Skempton's pore pressure parameter A was evaluated based on the method 
proposed by Lambe (3). Similar samples of bay mud were used to find the A value of 
0.8. Based on this value, the initial excess pore pressure u,_ due to a load imposed by 
22 ft of embankment fill (unit weight of 125 pcf) is equal to 1.10 kg/cm2

• The degree 
of consolidation based on the measured excess pore pressure may be calculated with 
the following equation. 

U = 1 (2) 






































































