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NATIONAL COOPERATIVE HIGHWAY RESEARCH
PROGRAM

Systematic, well-designed research provides the most effective
approach to the solution of many problems facing highway
administrators and engineers. Often, highway problems are of local
interest and can best be studied by highway departments
individually or in cooperation with thefu state universities and
others. However, the accelerating growth ofhighway transportation
develops increasingly complex problems of wide interest to
highway authorities. These problems are best studied through a

coordinated program of cooperative research.
In recognition ofthese needs, the highway administrators ofthe

American Association of State Highway and Transportation
Officials initiated in 1962 an objective national highway research
program employing modern scientific techniques. This program is
supported on a continuing basis by funds from participating
member states of the Association and it receives the full cooperation
and support of the Federal Highway Administration, United States
Department of Transportation.

The Transportation Research Board of the National Research
Council was requested by the Association to administer the research
program because of the Board's recognized objectivity and
understanding of modern research practices. The Board is uniquely
suited for this purpose as it maintains an extensive committee
structure from which authorities on any highway hansportation
subject may be drawn; it possesses avenues ofcommunications and
cooperation with federal, state and local governmental agencies,
universities, and industry; its relationship to the National Research
Council is an insurance of objectivity; it maintains a full-time
research correlation staff of specialists in highway ûansportation
matters to bring the findings of research directly to those who are in
a position to use them.

The program is developed on the basis of research needs
identified by chief administrators of the highway and transportation
departments and by committees of AASHTO. Each year, specific
areas of research needs to be included in the program are proposed
to the National Research Council and the Board by the American
Association of State Highway and Transportation Officials.
Research projects to fulfill these needs are defined by the Board, and
qualified research agencies are selected from those that have
submitted proposals. Administration and surveillance of research
contracts are the responsibilities of the National Research Council
and the Transportation Research Board.

The needs for highway research are many, and the National
Cooperative Highway Research Program can make signiflcant
contributions to the solution of highway transportation problems of
mutual concern to many responsible groups. The program,
however, is intended to complement rather than to substitute for or
duplicate other highway research programs.
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FOREWORD
, By Staff

T r ans p o rt atiotr&e s e ar ch' Board

This report contains the findings of a study undertaken to develop revised guide
specifrcations for horizontally curved highway bridges on the basis of current practice
and technology. The proposed specifications resulting from this work have been pro-
vided to AASHTO. The contents of this report will be of immediate use to bridge
designers interested in understanding the background ofthe specification development.

Horizontally curved-girder bridges are a structurally efficient and aesthetically
pleasing method of supporting curved roadways. Nevertheless, because of the curva-
ture, torsional effects are added to bending effects. Also, there is far more interaction
among curved girders than among straight girders in the bridge cross section. These
considerations make design and construction of horizontally curved-girder bridges
considerably more challenging than design and construction of straight bridges.

The AASHTO Guide Specifications for Horizontølly Curved Highway Bridges
was issued in 1980 and is based on research performed in the early 1970s. The Guide
Specifications include design provisions for curved steel I-girder and composite box-
girder bridges. Design and construction experience with fhe Guide Specifications has
demonstrated some major deficiencies, which can result in overþ conservative designs.
Fabrication and erection provisions are also missing, and there is insufficient guidance
on analytical procedures for both preliminary and final design.

The objective of NCHRPProject 12-38 was to developrevisedguide specifications
for horizontally curved highway bridges, on the basis of current practice and technol-
ogy, that can be recommended to AASI{TO for consideration for adoption. The revised
guide specifications are applicable to the load factor design, fabrication, and erection
of steel I- and box-girder bridges. A full commentary, which clarifies the application
of the specification provisions, is included,

This report provides a full description of the research performed to develop the
improved specifications. The report is particularly noteworthy because it identifies
major departures from the current specifications and explains the reasoning behind
these departures. Thus, the report should prove to be a valuable resource document for
design engineers interested in understanding the theoretical and historical basis of the
specifi cation provisions.
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IMPROVED DESIGN SPECIFICATIONS
FOR HORIZONTALLY CURVED STEEL

GIRDER HIGHWAY BRIDGES

SUMMARY The primary focus of NCHRP Project 12-38 was to develop revised Guide Speci-

fications for Horizontally Curved Highway Bridges, based on current practice and tech-

nology, that could be recommended to AASHTO for possible adoption. The revised

Guide Specifications were to be applicable to the design, fabrication, and erection of
horizontally curved steel I- and box-girder bridges.

The research team was to complete ten tasks in this project. Chapter 1 provides a

detailed description of each task. Six appendixes were also prepared and submitted:

Appendix A: I-Girder Curvature Study; Appendix B: Curved-Girder Design and Con-

struction, Current Practice; Appendix C: A Unified Approach for Designing and Con-

structing Horizontally Curved Girder Bridges, Proposed AASHTO Specifications
(Highlights of Major Changes); Appendix D: Recommended Specifications for Steel

Curved-Girder Bridges and Commentary; Appendix E: Design Example, Horizontally
Curved Steel l-Girder Bridge; and Appendix F: Design Example, Horizontally Curved

Steel Box-Girder Bridge.
This report summarizes the development of the revisedGuide Specifications and the

appendixes.



CHAPTER 1

INTRODUCTION

A. PROBLEM STATEMENT

Modern highway construction often requires bridges with
horizontally curved alignments. According to a l99l survey
(1), curved bridges represent 20 to 25 percent of the market
for new steel bridge construction each year and this trend is

likely to increase in the future. Straight steel or concrete gird-
ers may be placed on the chords of the roadway curve
between supports or field splices to approximate the required
curvature. This approach, however, has several disadvan-
tages. In general, bridges constructed in this fashion are not
aesthetically pleasing and the advantages of structural conti-
nuity are also lost. Therefore, most curved bridge alignments
today use continuous horizontally curved steel girders.

Curved bridges using curved girders are usually character-
izedby simpler and more uniform construction details, because

the girder spacing and the concrete deck overhangs are gener-

ally constant along the length of the structure, Curved girders

allow for the use of longer spans, which reduces substructure
costs and the required number ofexpansionjoints and bearing
details. Deterioration aroundjoints and bearings due to leak-
age is a significant maintenance issue associated with these

details, Curved girders also more easily satisfy the demand
placed on highway structures by predetermined roadway align-
ments and tight geometric restrictions presented by today's
increasing right-of-way restrictions,

Curved girders are fabricated by cutting the flanges to fit the

curve, either by heat curving or cold bending. The introduction
of heat curving, along with associated fabrication aids, helped
to increase the use ofhorizontally curved girders, Two types of
cross sections are used for horizontally curved steel girders:
I-girders (both noncomposite and composite) or composite
box-shaped tub girders.

Despite all the inherent advantages of curved girders, their
behavior is generally more complex than that of straight gird-
ers. Curved girders are subject to torsion as well as vertical
bending. The interaction between adjacent girders is also more
important in curved bridges than in straight bridges without
skew. To assist engineers in dealing with the complexities of
curved girders, several practical approximate analysis methods,

such as the V-load method and the M/R method, were devel-
oped in the 1960s. More recently, refined three-dimensional
finite element analysis methods and grillage analysis methods

have been incorporated into commercially available computer
programs for curved bridge analysis and design.

Construction of horizontally curved steel bridges is also gen-

erally more complex than construction of straight-girder
bridges of similar span. Curved-girder bridges, once com-
pleted, have generally performed as intended. Successful com-
pletion of a curved structure, however, often requires that
critical phases of construction be engineered so that the final
structure has the proper geometry and dead load stresses

assumed in the design. Curved girders are often erected based

solely on experience, which has sometimes led to unanticipated
problems.

The G ui de S p e c ifi c at i o n s fo r H or iz o nt al ly C urv e d H i g hw ay
Bridges (2), hereafter referred to as the Guide Spec, were orig-
inally published in 1980 by AASHTO. Since its publication,
the Guide Spec has provided guidance in designing horizon-
tally curved girder bridges to engineers in the United States

and Canada. There are, however, some significant deficiencies
with the Guide Spec. The Research Problem Statement for
NCHRP Project 12-38 states, "More than 12 years of design
and construction experience with the Gøide Specificøtionshas
demonstrated some major deficiencies, In its present form, the

Guide is disjointed and difficult to follow. The commentary is

incomplete and lacks needed detailed explanation regarding
the development of many of the provisions. Many provisions
are overly conservative, and many are difficult to implement.
Other provisions lend themselves to misinterpretation, which
may lead to uneconomical structures or structures with factors
of safety less than intended. Other critical deficiencies include
lack offabrication and erection provisions, insufficient guid-
ance on analytical procedures for both preliminary and final
design, lack of guidance on which curvature effects can be

safely ignored in bridges with large radii of curvature, and

design criteria apparently inconsistent with that for cunent
straighrgirder bridges."

In addition to deficiencies in the design criteria, the RFP
also mentions a lack of provisions in the Guide Spec related
directly to the construction of curved bridges. Designers,
builders, and owners have expressed disappointment with the
Guide Spec because it does not specifically address several
important construction and erection issues. Several states have
modified the existing provisions because of expensive claims
and several lawsuits involving construction of curved bridges.
Other states have limited the application of curved girders to
specified spans or methods of erection. Fewer problems exist
with respect to the fabrication ofhorizontally curved bridges
as a result of the introduction of more modern fabrication



equipment and techniques and the fact that fabricators have
gradually gained more experience with curved girders.

There have been a few attempts to improve on some of the
deficiencies in the Guide Spec; however, most of these

attempts have been primarily editorial in nature. Without a

major overhaul, the primary deficiencies would have most
likely remained intact.

B. RESEARCH SCOPE

The scope of NCHRP Project 12-38 was, therefore, to
develop completely revised Guide Specifications for Horizon-
tally Curved Highway Bridges, hereafter referred to as the Rec-
ommended Specifications, and an accompanying commentary
that could be recommended for adoption to AASHTO. The
specif,cations were to be based on cunent practice and tech-
nology, were to be applicable to the design, fabrication, and

erection of steel I- and box-girder bridges, and were to use load
factor design methods. In addition, design examples were to be

developed illustrating the application of the more signif,cant
provisions in the Recommended Specifications.

As detailed in the research proposal and in the work plan for
the project, the Project Panel defined 10 specific tasks to
accomplish the project objectives. These tasks are summarized
below:

. Task 1. Collect and review relevant domestic and foreign
literature, research findings, and current practices related
to the design, fabrication, and erection of horizontally
curved steel I- and box-girder bridges, Much of this
material will be compiled under an existing FHWA proj-
ect and will be available at the start of this project.

. Task2. Surveyowners, designers, fabricators, anderec-
tors of curved steel bridges are to identify successful
practices and problems that have occurred in design,
fabrication, erection, and service.

. Task 3. Evaluate the information assembled in Tasks I
and2, and prepare a comprehensive list of, and rationale
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for, revisions that can be recommended based on current
practice and technology. Discuss any remaining limita-
tions, which cannot be adequately addressed without fur-
ther analytical and experimental work, noting specific
resea¡ch needs to better model horizontally curved girder
bridge behavior and to def,ne improved limit-state design
criteria.

. Task 4. Prepare a detailed outline for the Recommended
Specifications, which includes a discussion ofthe intent
and contents of each section.

. Task 5. Document the f,ndings of Tasks 1 through 4 in an

interim report.
. Task 6. Prepare a f,rst draft of the specifications and

commentary in a format suitable for consideration by the
AASHTO Highway Subcommittee on Bridges and

Structures.
. Task 7. Demonstrate the use of the proposed specifica-

tions with practical design examples. The examples shall
be a fully explanatory application of the proposed code,

demonstrating load generation, computation of moments,
shears, torsional effects, reactions, and application of all
provisions at critical sections throughout the bridge.
Example problems shall cover I- and box-gilder multispan
continuous bridges with radial supports.

. Task 8. Submit the draft specifications and example
problems.

. Task 9. Prepare and submit a second draft of the speciû-
cations and example problems revised, as necessary,

based on the NCHRP and AASHTO review comments.
. Task 10. Prepare and submit a final report containing: the

research flndings; the proposed Guide Specifications,
including commentary and design examples, revised in
accordance with the review comments generated after
Task 9; and recommendations for further research.

An addendum to the project proposal clarified the main
roles of each investigator and the scope and range of the
design examples to be prepared.



CHAPTER 2

PRIOR WORK AND ONGOING RESEARCH

A. CURT PROJECT

Although there was a considerable arrìount of fragmented

information available dealing with the structural analysis of
horizontally curved members in the United States, an orga-

nized research effort on curved bridges had not been under-
taken until the Pennsylvania DOT initiated an analytical study

at Carnegie Mellon University in 1969 (-i). The study was

aimed at collecting and generating a broad spectrum of infor-
mation on curved-girder highway bridge design and construc-

tion. At that time, horizontally curved girder bridges were

designed in the United States without the aid of any official
specifications related specifically to curved-bridge design. In
1967, one of the first curved bridges was built in Springfield,

Massachusetts. This sharply curved bridge has two closed box
girders in the cross section. The bridge was inspected recently

and was found to be in excellent condition after nearly 30 years

of service. By present standards, however, the steel weight
(approximately 90 lbft2) is considered excessive.

Because there were no officially accepted design specifi-
cations for curved structures at the time, a comprehensive
research project was initiated in October 1969. The CURT
(Consortium of University Research Team) project was con-

ducted under the auspices of FHWA with financial support
fuom 25 participating state highway departments.

The consortium included researchers from Carnegie Mel-
lon University, the University of Pennsylvania, the Univer-
sity ofRhode Island, and Syracuse University. The charge of
the consortium was to (l) review all the published informa-
tion on the subject of curved bridges; (2) conduct analytical
and experimental studies to confirm or supplement the pub-

lished information and assimilate information from related

research programs sponsored by state highway departments;
(3) develop simplified analysis and design methods along

with supporting computer programs and design aids; and

(4) correlate the developed analysis and design methods with
analytical and experimental data. Design recommendations
(3) and Tentative Desigtt Specifications for Horizontally
Curved Highway Bridges (4) in an allowable stress format
were developed by the CURT team, which eventually formed
the basis for the Guide Spec.

As part of the CURT project, Culver and his coworkers at

Carnegie Mellon University studied the nominal bending
strength, lateral stability, and local buckling of curved flanges

and webs. Culver led the research on the stability of curved

plate girders. McManus' Ph.D. dissertation (5) became the
basis for the strength predictor equation (ó) in the Guide Spec.

Nasir (7) studied local buckling of curved plate elements, and

Brogan (8) studied the bending behavior of cylindrical web
panels. These researchers also performed tests on single curved
box and I-girders and on a two-girder arrangement of doubly
symmetric I-girders.

Although not members of the CURT research team, Heins
at the University of Maryland (9-11) and Powell at the Uni-
versity of California, Berkeley (12), also made significant
contributions that were included in the Guide Spec and its
commentary.

B. GUIDE SPEC

Based primarily on the work from the CURT project, sug-

gested tentative design criteria were assembled for both curved
I- and box-girder bridges by the Task Committee on Curved
Girders of the ASCE-AASHTO Committee on Flexural Mem-
bers. The tentative criteria were adopted by AASHTO as a

guide specification in 1976. At the time, the criteria in the
curved girder guide specification were allowable stress design
criteria only.

ln 1915, the American Iron and Steel Institute initiated Proj-
ect 190 to develop load factor design criteria for steel curved-
girder bridges. The criteria were developed by Galambos and

Stegmann at Washington University (13,14), based on the
work of Culver and McManus (ó) and Mozer and Culver (15)

at Camegie Mellon University on the stability of horizontally
curved members. The tentative load factor design criteria for
curved I- and box-girder bridges were adopted by AASHTO
and incorporated in the Guide Specifications issued in 1979.

The first printing of the Guide Specifications, containing both
the allowable stress and load factor criteria together, was

issued by AASHTO in 1980.

The allowable stress design criteria are contained in Part I of
the Guide Spec and include provisions for curved steel, com-
posite, and hybrid l-girder bridges and curved composite box-
girder bridges. The I- and box-girder provisions are separated

into two parts with a commentary for each part. A brief review
of the current Guide Spec allowable stress design provisions
(from Article I.l, General, to Article 1.29, Cross Frames,
Diaphragms and Lateral Braclng) is presented in Appendix B.

The load factor design criteria are contained in Part II of
the Guide Spec and also include provisions for curved steel,



composite, and hybrid l-girder bridges and curved compos-
ite box-girder bridges. The I- and box-girder provisions are
combined, and one commentary on both the I- and box-girder
provisions is presented at the end of Part II. A brief review of
the current Guide Spec load factor design provisions (from
Article 2.1, General, to Article 2.28, Diaphragms within the
Bor) is also presented in Appendix B.

C. JAPANESE TESTS

In Japan, Nakai et al. (16-18) performed tests on nine dou-
bly symmetric M-series, I-shaped specimens. As in the Mozer-
Culver single-specimen tests, Nakai's M-series tests employed
significantly more torsional fixity than exists in typical curved
bridges. The M-series tests were performed in almost pure
negative bending with very rigid rotational restraints at the

ends. Fukumoto (19) tested simple-span specimens with a sin-
gle concentrated load applied through a gravity simulator
mechanism at the center of the span on six AR-series, I-girder
specimens. Appendix B provides additional details on these

Japanese tests.

D. HANSHIN GUIDELINES

In addition to the Guide Spec, there is only one otherknown
design specification for horizontally curved steel bridges
worldwide and that specification is the Guidelines for the
Design of Horizontally Cunted Girder Bridges (Drajl) (20).
This specification was developed by the Hanshin Expressway
Public Corporation in Japan (hereafter referred to as the Han-
shin Guidelines). A translation of the Hanshin Guidelines was

obtained in 1993 with the assistance of the FFIWA.
The Hanshin Guidelines refer to the Japanese Road Asso-

ciation Specifications for Highway Bridges (21) for the basic
requirements and primarily contain only the provisions that
are directly influenced by the effects ofcurvature. The provi-
sions in the guidelines are presented in an allowable stress

design format, as are the Japanese straight-girder design pro-
visions. Some of the provisions, however, apply the factor of
safety to the ultimate strength of the element rather than the
yield stress or buckling stress, as is typically done in an

allowable stress design format. A detailed discussion of the
research that resulted in the Hanshin Guidelines is given by
Nakai and Yoo (22).

The Hanshin Guidelines do not distinguish between speciû-
cation language and commentary. The guidelines, however, do

suggest when to select either I-girders or box girders. Box gird-
ers are divided into three major cross-section types: single-cell
mono-box with two webs, multicell mono-box with more than
two webs, and multiple single-cell box. Webs are typically ori-
ented vertically; inclined webs are discouraged. Aesthetics is

discussed but is not specified.
The guidelines discuss framing with regard to economics.

The use of straight interior girders with curved exterior gird-
ers is recommended. The use of top- and bottom-flange lateral

5

bracing in certain bays is recommended for curved l-girder
bridges with spans above approximately 80 ft. The need to
keep the lateral bracing in or near the plane of the flange is dis-
cussed. When this is not practical, the provisions require that
transfer forces from the bracing to the flanges be considered.

Effective deck width is discussed. Generally, more effective
deck is used in Japanese composite bridges than is provided for
in the current AASHTO specifications (2,23).

Analysis is discussed at some length, but specif,c analytical
techniques are not designated. Strength provisions for the
components are derived from inelastic finite element analyses
and curve f,tting.

An extended discussion of thermal movement is presented.
The provisions require bearings to be oriented considering the
effects ofrestraint and friction forces. The provisions differ-
entiate between sharp and shallow curvatures. Sharp curves
may require that bearings be oriented to permit transverse
thermal movement.

Expansion joints are designed to be consistent with the
movement permitted by the bearings. If a finger joint is used,
the fingers may be lined up to be parallel to the girder rather
than perpendicular to a joint. If the bearings permit the bridge
to expand transversely, then the fingers should be oriented
perpendicular to the skewed joint.

1. Stress Components

The resisting normal stresses due to load effects in a

curved-girder bridge are divided into four basic components
in the Hanshin Guidelines. The characteristics of these four
stress components ale shown in Figure 1. The first three com-
ponents are due to vertical bending effects, and the fourth
component is due to lateral bending caused by nonuniform
torsion. Further discussions on the four stress components are
presented in Appendix A.

2. Strength Equations

The l-girder strength predictor equation in the Hanshin
Guidelines is a linear interaction equation relating the verti-
cal bending stress and the lateral bending stress, as shown in
Equation 1:

Ín*L r t.oF,, n

where

ft, = vertical bending stress,

ft = lateral flange bending stress,

F¡ = allowable vertical bending stress considering any
potential reduction due to lateral torsional buckling, and

F¡ = allowable lateral flange bending stress.

F¡ is simply taken as the yield stress divided by a basic factor of
safety, disregarding any concem for buckling. F¿ is determined
from the straight-girder bridge specifi cations.
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Fìgure l. Four normal stress components.

The Hanshin Guidelines use a quadratic interaction rela-
tionship relating the normal stress and the shear stress for the
box-girder strength predictor, as shown in Equation 2:

where

fu = totalnormal stress including stresses due to the vertical

bending, lateral bending, and cross-sectional distortion,

I = shear stress, and
F" = allowable shear stress.

Although both (ftlFø) and (f,/F,) are not permitted to be
greater than 1.0, the sum of the square of these ratios may be
taken as high as 1.2. Both the I- and box-girder design exam-
ples presented in the Hanshin Guidelines do not use composite
girders,

3. Stiffeners

The Hanshin Guidelines use the dimensionless parameter,

Z, to modify the required rigidity of transverse stiffeners on
curved web panels. The increase in rigidity is required to over-
come the tendency of the web to bow. This same relationship
is included in the Guide Spec and has also been included in
the Recommended Specifications.

The Hanshin Guidelines use a similar but more complex
parameter, B, to modify the required rigidity of longitudinal
web stiffeners on curved girders. This parameter was devel-

oped from a regression analysis of data generated from three-

dimensional, inelastic finite-element analyses. This factor has

been further simplified and included in the Recommended
Specifications.

E. FHWA CURVED STEEL BRIDGE
RESEARCH PROJECT

At about the same time as the inception of NCHRP Proj-
ect 12-38, FHV/A initiated a comprehensive multiyear
research program on horizontally curved steel I-girder high-
way bridges, "Curved Steel Bridge Research Project." The
work in this ongoing project includes both analytical and

laboratory studies. The basic objectives of this FHWA proj-
ect are to conduct fundamental research on the behavior of
curved l-girders in bending and shear and to directly address

significant constructibility issues related to curved l-girder
bridges.

The initial task in the FHWA project was to develop a syn-

thesis of all the available published research work on hori-
zontally curved girders. As detailed in Zureick et al. (23),

approximately 750 references were collected and stored in a
database. Approximately 540 of these 750 references were
considered significant and were briefly reviewed by the re-

searchers to document the most interesting highlights. When
sorted according to subject area, the more significant refer-
ences on curved I-girders reveals the following distribution:
compression flange stability, 9; web buckling, 12; overall
buckling, 16; ultimate strength, 10; and cross bracing, 3. A
significant number of these references have an academic
rather than a practical approach. Only one of the references
presents any discussion related to cross bracing requirements
for construction. Similar information on curved box girders

is even harder to find.
A majority of the references deal with the static analysis of

curved bridges, There are even fewer references available on
loads, stability, design recommendations, fatigue details, fab-
rication, and construction. The numerous references on curved
bridge analysis discuss both approximate methods (plane grid
method, space frame method, and V-load method) and refined
methods (finite element method, finite strip method, finite dif-
ference method, analytical solution to differential equations,
and slope deflection method),

The synthesis by Zureick et al. (24), which is probably the
most comprehensive literature survey available on horizon-
tally curved girders, was reviewed at length by the research
team before developing the Recommended Specifications.

To properly examine experimentally the fundamental
strength behavior of horizontally curved girders, it is desirable
to test individual components that are part of a complete bridge
structure that resists vertical loads and torsion as a system.

After significant studies of alternative approaches to the test-

ing of horizontally curved I-girders, the FHWA project team

decided that the testing of I-girder component specimens

within a full-scale, curved three-girder test frame was the most



rational and safest approach. All previous tests on horizontally
curved component specimens in the United States and Japan,
except for Culver's two-girder tests, did not accurately repre-
sent the behavior of the component within an acfual bridge sys-
tem. Previous tests were also not conducted on full-scale
specimens. The use of full-scale specimens eliminates model-
ing concerns related to fabrication accuracy so that the results
are considered to be more directly applicable to real bridges.
Full-scale tests also eliminate the need for the addition of com-
pensatory load to adjust for the lack of modeling similitude.
The use of a test frame that looks and functions like a real
bridge provides two other significant advantages: (1) more
realistic boundary conditions are ensured for the component
specimen testing, and (2) for economy, parts of the test frame
can be reused in testing the bridge as a full-scale prototype.

In the first phase of the component test program, six non-
composite I-girder component specimens will be inserted one
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at a time in the center of the convex outermost girder of the test
frame and will be subjected to nearly pure bending up to their
ultimate capacity. In a second phase, the research team plans
to subject a different set of specimens to various ratios of
moment and shear. Finally, a concrete deck will be cast onto
the frame and an attempt will be made to test the composite
bridge system to failure.

Because the members of the NCHRP Project 12-38 re-
search team also serve on the FHWA project research team,
coordination between the two projects is maximized. As a

result, certain identified gaps in the Recommended Specifl-
cations can potentially be addressed in the FHWA project.
Also, the research team anticipates that portions of the Rec-
ommended Specifications developed in the NCHRP project
will be updated based on data obtained from the various ana-
lytical and experimental studies being conducted in the
FHWA project.



CHAPTER 3

REVIEW OF NCHRP PROJECT 12.38 WORK

A. SURVEYS OF OWNERS AND FABRICATORS

One of the 10 tasks identified by the Project Panel was to

conduct a survey of owners, designers, fabricators, and erec-

tors ofcurved steel bridges to identify successful practices and

problems that have occuned in design, fabrication, erection,

and service.

In response to this request, the research team prepared a

questionnaire that was sent to selected state bridge engineers.

Only afew responses with sketchy infotmation were received.

The requested information was either too time consuming to

collect or simply not available.
As a result, it was decided to prepare a second question-

naire that would only be distributed to five leading fabrica-
tors of curved steel I- and box-girder bridges: (1) High Steel;
(2) Trinity Industries; (3) PDM-Bridge; (4) Carolina Steel;

and (5) Grand Junction. This survey asked for specific infor-
mation on design, fabrication, and erection related to actual
curved bridge projects that the individual fabricator had been

involved with. Responses for approximately 20 bridges were
received. Once again, the information was sketchy and there
was little information provided regarding erection experi-
ences or problems. Thus, as directed by the Senior Program
Officer for NCHRP, the research team abandoned this task.

B. I.GIRDER CURVATURE STUDY

Although not included in the 10 original tasks, a need was

identified to conduct a parametric study to determine appro-
priate rules regarding approximate analyses of curved l-girder
bridges. The Guide Spec permits curvature effects on the ver-
tical bending moments in l-girders to be ignored if the sub-
tended angle ofa span is less than that given by Table 1.44
in the Guide Spec. Lateral flange bending effects, however,
must still be considered regardless of the curvature. The

Hanshin Guidelines allow bridges with a subtended angle
(calculated based on an effective span) of 5 deg or less to be

exempt from analysis for curvature effects. The Hanshin
Guidelines define the effective span as 0.6 times the average

distance between bearings for interior spans and 0.8 times the
average distance for end spans.

The background parametric study by Lavell and Laska (25)

leading to the development of Table 1.44 in the Guide Spec

could not be located and is believed to be lost. Also, AASHTO

recently adopted new wheel load distribution factors for
application to straight-girder analyses in a separate guide
specification (26) and in the new load and resistance factor
design (LRFD) specifications (27).

Thus, it was felt that another look at the parameters in
Table 1.44 was justified to determine if the parameters were

still applicable to modern designs and if additional conditions
or limitations were needed,

The results of this study are reflected in Article 4.2.2 of the

Recommended Specifications. A single limiting subtended

angle, calculated based on an effective span in a fashion sim-
ilar to the Hanshin Guidelines, is defined. In addition, the

girders must be concentric and the bearings must not be

skewed more than 10 deg from radial. For girders satisfying
these limiting conditions, live load must be applied to each

developed straight l-girder (with a span length equal to the

individual girder arc length) by using a wheel-load distribu-
tion factor of S/5.5 when computing the vertical bending
moments, shears, and deflections. A more detailed description
of this study is in Appendix A.

C. CURVED.GIRDER DESIGN AND
CONSTRUCTION, CURRENT PRACTICE

One of the earliest curved I-girder bridges was designed

and constructed in Pittsburgh. The bridge is a three-span,
two-girder structure with a radius of curvature less than
500 ft, canying California Avenue over Ohio River Boule-
vard. An early formulation of the Vload method (28) was

used in the analysis. The bridge, which was designed in 7967

by Richardson and Gordon (presently HDR Engineering,
Inc.), is still carrying traffic with little remedial work required.
Early curved steel bridge designs were mostly short, simple-
span girders. The simple-span Hull's Falls Bridge in New
York, carrying traffic over the Ausable River was designed
with three I-girders or a 123-ft span and a radius of 477 ft.
An I-girder bridge, carrying Route 65 over Pigeon Creek in
Dalbarton, West Virginia, was designed with spans of 65 and

72 ft and a radius of 127 ft. A simple-span l-girder bridge in
Minnesota was designed with a span of 104 ft and radius of
106 ft, with one abutment skewed approximately 45 deg.

The economic benefits of horizontally curved girders be-

came even more apparent when continuous multispan curved
structures became more common. Continuous curved-girder



construction has evolved to the point where continuous
curved steel structures over 1,900-ft long have been built
with expansion joints only at the ends, such as the curved
box-girder viaduct carrying Eighth Avenue in Denver, Col-
orado (built in 1983). Curved bridges have also been built
with spans greater than 300 ft and radii less than 1,000 ft.
One unit of the Little Falls Bridge in New York has spans of
234-329-365-234 ft wirh a radius of 750 ft. This bridge has

seven I-girders in the cross section that vary in depth from 7

ß 12 ft. One of the Shosone Dam Bridges in Glenwood
Canyon, Colorado (completed in 1992), has spans of 219-
214-216 ft and a radius of 955 ft. The bridge has four I-gird-
ers, varying in depth from 7 to 15 ft.

The cost to fabricate curved girders is greater than the cost
to fabricate straight girders of similar size. The increased cost
is usually related to the process of heat curving the girders or
to the additional scrap that is generated when the flanges are

cut-curved, and to the handling of the girders, both during
fabrication and shipping. The erection of curved girders cre-
ates a separate set of problems. Often additional falsework or
temporary shoring is needed. In the case of cantilever con-
struction on a multispan alignment, insertion of the sus-
pended span becomes problematic as the vertical camber and
the rotation are always coupled.

The above information is only a sample of the current state

of the art in curved-girder design and construction that has

been assembled in Appendix B. This report summarizes the
current practice related to design and construction and also
makes comparisons of known relevant test data to the pre-
dicted strength based on several formulations, including
those found in the Guide Spec and in the Hanshin Guidelines.
The report also summarizes all the past research on several
aspects ofcurved-girder behavior, reviews the background of
the design criteria contained in the current Guide Spec, and

discusses future research needs.

D. A UNIFIED APPROACH

Appendix C summarizes the overall philosophy that the

research team adopted in the development of the Recom-
mended Specifications and highlights the most significant
changes that were introduced into the specif,cations. Appen-
dix C provides the philosophy behind different specification
formats and the development of the following basic specifi-
cation components: loads, load application, structural analy-
sis, load effects, and limit states (strength and stability,
fatigue, serviceability and constructibility). The development
of each of these components in the Recommended Specifica-
tions is also summarized. The appendix also contains brief
discussions on the development of the provisions in Division II,
Construction, and on the effect of design specif,cations on
economics.

The Recommended Specifications are presented, for the

most pafi, in a load factor design format. Several of the provi-
sions, however, draw on other formats. For example, fatigue
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provisions are based on AASHTO's LRFD Bridge Design
Specifications (27), as requested by the Project Panel. An
attempt was made in the development of the Recommended
Specif,cations to provide a unified methodology for the analy-
sis and design of horizontally curved bridges based on sound

engineering principles with minimal reliance on rules of
thumb. The engineer is called on to broadly apply the princi-
ples when the provisions have been exhausted. The research

team felt that this was the only way in which the wide variety
of complex curved bridges demanded by owners can be de-

signed and built, while still providing the desired uniformity
of capacity and performance. In addition, a commentary is pro-
vided with the specifications to explain the reasoning behind
the provisions and to help ensure their proper application. Both
the specification provisions and the commentary are presented

in a two-column format similar to the one in the AASHTO
LRFD specifications.

E. RECOMMENDED SPECIFICATIONS:
DIVISION I, DESIGN

The following discussion highlights most of the significant
sections of the Recommended Specifications. Major devia-
tions from the current specifications, where they occur, are

identified and the reasons behihd these deviations are pre-
sented. The numbered sections follow the current AASHTO
Guide Spec. Sections are included only if there are changes.

1. General

1.1 Scope

The provisions apply to the design and construction of hor-
izontally curved steel l-shaped and box-shaped girders with
spans up to 300 ft and with radii greater than 100 ft. The pro-
visions are limited to 300-ft spans because of the history of
construction problems associated with curved bridges with
spans exceeding 300 ft. Also, the approximations made in sev-

eral of the formulas defining l-girder strength and impact have

not been studied for radii smaller than 100 ft. Bridges beyond
these limitations can be designed, however, by following the
basic principles referred to in Article 1.2. The provisions state

that any bridge superstructure containing a curved-girder seg-

ment shall be designed according to the provisions. This re-

quirement is included because the effects of curvature usually
extend beyond the curved segment, particularly the effects of
lateral flange bending and ofcurvature on the reactions. This
requirement also ensures that the bridge is designed according
to the provisions of a single specification, which simplifies rat-
ing or evaluation at a later time. The provisions are to be used

in conjunction with AASHTO's Standard Specífications for
Highway Bridges, Divisions I and II, and AASHTO's LRFD
Bridge Design Specifications. When there is a conflict between
the provisions in the AASHTO standard and LRFD specifi-
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cations and the provisions in the Recommended Specifi-

cations, the provisions in the Recommended Specifications

should prevail.
A minimum of two I-girders or one box girder is required

in the bridge cross section to provide static equilibrium.
Both closed box and tub girders are permitted. The earliest
steel box-girder bridges in the United States were closed

sections, and the use of closed sections is not forbidden in
the current Guide Spec. The use of closed box sections is

still common in Europe and Asia. Special provisions are

provided in Article 10.4.3 of the Recommended Specifica-
tions to design the top composite box flange. Composite box
flanges are also permitted for use as bottom flanges of box
sections. Since Occupational Safety and Health Administra-
tion (OSHA) requirements make it expensive to fabricate
closed box sections, this type of section should probably
only be considered for larger box girders. Although not ex-
plicitly prohibited, the provisions do not cover the design of
multicell box girders because there is only a small amount

of published research in the United States regarding the
design of these members. Multicell box girders have been

used in the United States in the past but are now uncommon.
Although many different framing arrangements are permit-
ted, girder-stringer-floor beam framing and a mix of box and
I-girders in the cross section are not covered. These systems,
however, are not explicitly forbidden.

Hybrid girders are not permitted in the Recommended
Specifications because there has been limited research on

curved hybrid girders. Girders with kinked alignments exhib-
it the same behavior as horizontally curved girders except that
the noncollinearity ofthe flanges is concentrated at the kinks;
therefore, kinked girders are covered by the provisions. Cast-
in-place or precast concrete decks of constant or variable
thickness are permitted. The decks may be longitudinally
and/or transversely prestressed. The provisions do not apply
to curved superstructures with steel orthotropic decks.

1.2 Principles

To ensure that the provisions can be applied on a uniform
basis to a wide variety of complex structures, including struc-
tures beyond the scope ofthose covered by the provisions, the
Recommended Specif,cations require the engineer to meet
basic structural engineering principles. These principles,
which include satisfying static equilibrium, ensuring adequate

stability, and satisfying normal strength of materials assump-

tions, ovemrle the provisions if the provisions are inconsis-
tent with the principles. Although not specifically stated in
AASHTO, such a requirement is implied. When bridges are

analyzed by considering the entire superstructure as required
by both the Guide Spec and the Recommended Specifica-
tions, basic engineering principles should be considered to
ensure that a proper analysis is made for each structure. For
example, static equilibrium between the transverse deck and

cross frame forces must be ensured at each cross frame line.

2. Limit States

2.2 Strength

Load combinations for the strength limit state are the same

as those specified in Table3.22.l{of the AASHTO Standard

Specifications. The strength limit state considers stability
and/or yielding of each structural element. If the strength of
any element, including splices and connections, is exceeded,

it is assumed that the bridge has exceeded its capacity.

2.3 Fatigue

At the request of the Project Panel, the provisions given in
AASHTO LRFD Article 6.6.I are applied at the fatigue limit
state, except as modified in the Recommended Specifica-
tions. The LRFD specifications specify that a single HS20
truck (with a constant rear-axle spacing of 30 ft) be multi-
plied by a load factor of 0.75 when checking fatigue. An
impact factor of 1.15 is applied to the live load.

Moses et al. (29) suggested that more work should be done
regarding metal fatigue in longer span bridges. The report
mentions that multiple presence of trucks becomes more
important with longer spans and that the number of cycles of
this loading is dramatically reduced from the number of
cycles of a single truck. The effect of span continuity is not
examined very extensively. A critical stress range may be

caused by multiple presence trucks. Moses et al. did not
attempt to quantify fatigue in long spans or continuous spans

near inflection points, or the importance of multiple trucks in
adjacent lanes.

Snyder et al. (30) addressed truck weights measured by
weigh-in-motion and not stress spectra causing fatigue dam-

age. Thus, short spans were selected to ensure a larger sig-

nal. Data were only recorded when a single truck was on the

bridge so the truck weight could be ascertained.
Fatigue in long-span bridges is not addressed in Moses

et al., Snyder et a1., or the AASHTO LRFD fatigue provisions.

The present AASHTO fatigue provisions require a check at

500,000 cycles of lane load with multiple lanes loaded for
Case I roadways. This check is the same as checking a stress

range due to two times one lane of live load for 100,000 cycles
if the wheel load distribution factor for multiple lanes loaded

is S/5.5 and for a single lane loaded is S/7.

A fatigue truck for the stress range due to two times HS20
truck or lane load in one traffic lane at 100,000 cycles is

equivalent to the requirement in the present AASHTO Stan-

dard Specifications and would address longer spans and other
situations where multiple presence is important. In addition
to a fatigue check for a lower number of stress cycles, the

loading could be used to check for the maximum tensile
stress required by the AASHTO LRFD.

Moses et al. (29) addressed a factor for trucks side by side.

The outside girders of most bridges experience the larger
live-load stress range when cross frames are present. The



effect of trucks in the outside lane is most critical for these
girders. Trucks in the adjacent lane cause additional stress
in the exterior girder, which can be referred to as the "bunch-
ing effect." Moses et al. computed the bunching effect to
be approximately 1.15 times the single truck effect on a
straight bridge. This value is computed assuming an 80 per-
cent effect of the second truck for 10 percent of the stress
range occuffences.

The 80 percent value for the second truck is too high for
the exterior girders in most straight bridges, but it is not too
high for sharply curved I-girder bridges. The researchers sug-
gest a factor to account for the bunching effect on curved
I-girder bridges to vary from 1.15 for bridges with a radius
of 100 ft to 1.05 for tangent bridges. This value would be
applied to I-girder bridges with large traffic volumes having
two or more striped lanes in one direction.

2.4 Serviceability

Safety margins are not directly applicable to serviceability.
Serviceability limits are, to a large extent, based on experience.
To satisfy performance requirements for serviceability, the
Recommended Specifications limit average flange stresses

and local web buckling to control permanent set, vertical live-
load deflections, and concrete deck cracking through proper
placement of the longitudinal tensile reinforcing steel.

2.4.2 Defiection. As in the current AASHTO Standard
Specifications, permanent deflections under overload (dead
load plus factored live load plus impact applied in a single
lane) are indirectly controlled in the Recommended Specifi-
cations by limiting the factored average flange stresses due
to overload to 0.80F, for noncomposite girders and 0.95F, for
composite girders.

At the request of the Project Panel, live-load deflections
should be checked in the Recommended Specifications by
using the specified service live load plus impact applied in
all lanes. This live load is to be placed at whatever location
produces the maximum deflection in each girder.

2.4.3 Concrete Crack Control. Article 10.38.4.3 of the
Standard Specifi cations requires that longitudinal reinforce-
ment equal to a minimum of I percent of the total deck area
be placed in negative-moment regions of continuous spans for
crack control. Two-thirds of the required reinforcement is to
be placed in the top layer of the slab within the effective
width. The negative-moment region in a continuous span is
often implicitly taken as the region between points of dead-
load contraflexure. Under moving live loads, the concrete
deck can experience significant tensile stresses outside the
points of dead-load contraflexure. Placement of the concrete
deck in stages can also produce negative moments in regions
that are primarily subject to positive moments in the final con-
dition. Thermal and shrinkage effects can also result in tensile
stresses in the deck in regions where such stresses might not
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be anticipated. Krauss and Rogalla (31) discussed the effects
of design details, concrete materials, thermal and shrinkage
effects, and construction practices on the potential for early-
age transverse deck cracking. In addition, the current Guide
Spec and Standard Specifications do notrecognize the state of
stress in the concrete deck when determining the placement
of the longitudinal reinforcement; the tensile strength of the
concrete is ignored.

To address some of these issues, Article 2.4.3 of the Rec-
ommended Specifications requires that the l-percent longi-
tudinal reinforcement be placed wherever the longitudinal
tensile stress in the deck due to the factored construction
loads or due to the overload exceeds the modulus ofrupture
of the concrete. Thermal and shrinkage effects were consid-
ered outside the scope ofthis effort and were not specifically
addressed. By controlling the crack size under the overload,
the concrete deck can be considered to be effective in tension
at overload and at all loadings below overload. The modulus
of rupture is computed from AASHTO Article 8.15.2.1 in the
allowable stress design portion of the concrete design speci-
fications; the tensile strength of the concrete is ignored for
flexural calculations in the load factor design portion of the
concrete design specifications. A resistance factor of 0.7 is
applied to the modulus of rupture in the Recommended Spec-
ifications, rather than the 0.21 factor used in conjunction with
a load factor of 1.0 in AASHTO Article 8.15.2.1, to provide
additional assuranÇe against cracking. Article 2.4.3 also
,specifies that the required reinforcement be No. 6 bars or
smaller, spaced at no more than 12 in., to ensure adequate
distribution of the reinforcement to control the crack size.
Adequate shear capacity of the concrete deck is considered
to be important in bridges subject to torsion, such as curved
bridges. Analysis of the bridge assuming the deck to act as a

continuum implies adequate horizontal shear strength in the
concrete deck.

2.5 Constuctibility

2.5.1 General. Curved-girder bridges, once completed,
have generally performed as intended. The majority of prob-
lems with curved-girder bridges have typically occurred dur-
ing construction. Construction of horizontally curved steel
bridges is generally more complex than consffuction of com-
parable tangent bridges of similar span. Curved-girder bridges
are typically less stable during erection than tangent bridges.
Curved bridges often require additional support by using either
cranes or falsework. Successful completion of a curved struc-
ture requires that each phase of construction proceed as antic-
ipated to ensure that the f,nal structure is at its proper elevation.
Like segmental concrete bridges, construction issues can often
drive design decisions.

Thus, the Recommended Specifications include a con-
structibility limit state to ensure that critical construction issues

are properly engineered in the design. This article requires that
one construction scheme be shown on the design plans. Some
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precedent for this requirement does exist given that deck cast-

ing sequences are often specified in the design plans of many

states. Such a requirement does not relieve the contractor of
the responsibility to provide a final construction plan and to

execute the construction successfully according to that plan.

Division II of the Recommended Specifications allows the

contractor to consider and engineer construction schemes

other than the scheme provided in the design plans.

2.5.2 Stresses. Factored stresses in the steel due to con-

struction loads are limited to the yield stress at each critical
stage of erection to ensure that any permanent deformations
are controlled. For similar reasons, high-strength bolts in
connections of primary load-carrying members are to be

designed as slip-critical connections at the constructibility
limit state.

2.5.3 Deflectlons. Fit-up of girders in the fabrication shop

is often done with the girders blocked into their cambered
positions so that they are in a "no-load" or "zero-stress" state.

In the design of the bridge, it is typically assumed that the
girders will be erected under no-load conditions, or assuming
gravity is turned off, when the connections are made and that

the self-weight of the girders will be applied only to the com-
pletely erected steel structure. Dead-load cambers are typi-
cally computed based on this assumption and are introduced

into the girders accordingly.
If curved girders are not fully shored to match the conditions

assumed in the fabrication shop, then the girders will begin to

deflect and rotate immediately due to their own self-weight as

they are erected until they are restrained by cross frames

attached to adjacent girders. These temporary deflections and

bearing rotations during construction may actually exceed the

deadload deflections and rotations computed for the com-
pleted bridge. In particular, for longer spans where the self-
weight of the girders can result in signifrcant distortions, the

resulting deflections and rotations of one or two girders-
superimposed on the initial assumed camber geometry-may
make it difficult to connect cross frames and field splices that
were originally detailed for the no-load condition. Relocation
of an erected system of girders to ensure proper fit-up and

girder elevations may require more crane capacity than might
be available. Lifting of connected girders to make adjust-
ments becomes particularly difficult when dealing with curved
bridges and bridges with skewed supports.

To ensure proper fit-up of steel sections during erection
and to prevent damage to bearings or expansion devices in
these situations, the Recommended Specifications require
that computed girder rotations at bearings and vertical girder
deflections be accumulated over the erection sequence. The

computed rotations must not exceed the specified capacity of
the bearings for the accumulated factored loads at any stage

of the erection. Ref,ned methods of analysis are now avail-
able to allow the engineer to atalyze a curved bridge for a
given erection sequence and detail the bridge to accommo-

date the accumulated deflections and rotations. As a result,

these provisions do not implicitly require that girders be

fabricated in the no-load condition.
The provisions also require the computed deflections for

the specified deck casting sequence to be accumulated. Ifthe
accumulated deflections differ significantly from the dead-

load deflections computed for the final condition, then ,the

engineer could have to make a judgment on how to camber

the girders to achieve the final desired profile grade.

3. Loads

3.1 General

Loads are factored and combined as prescribed in AASHTO
Table 3.22.1A, except as modified in the Recommended

Specifications.

3.2 Dead Loads

This article specif,es that the engineer should consider the

sequence of application of dead load in the analysis. The
stiffness of the structure changes as subsequent girder sec-

tions are erected. For example, an interior girder may actu-

ally be an exterior girder at some phase of the erection, which
may result in a larger moment in the girder than after the

actual exterior girder is properly erected. Also, during the

deck casting, portions of the deck may cure before subse-

quent casts are made. The resulting change in stiffness of the

structure will affect the computed moments and deflections
for subsequent casts. Article 4.6 states that when checking
deck stresses during deck casting, the uncracked section

computed with a modular ratio of n is to be used. Thus, the

effects ofcreep should be ignored for this relatively short-term
condition.

The Project Panel requested that, for consistency, Article
3.23.2.3.1.1 of the Standard Specifications be referred to for
application of superimposed dead loads. This article permits
lighter loads, including curbs and railings, to be distributed
uniformly to each girder in the cross section. Some have

interpreted this clause to apply to heavier loads such as para-

pets and barriers as well, while others have instead assigned
a larger percentage ofthese loads to the exterior girders when
line-girder analyses are employed. Article 3.2 permits heav-

ier superimposed line loads, such as parapets, sidewalks, and

barriers, to be applied at their actual locations in the analy-

sis. The behavior of curved bridges is unsymmetrical by
nature. As a result, it does not seem reasonable to apply
heavy line loads uniformly to all girders in a curved bridge.
Application ofthese loads at or near their actual locations can

easily be accommodated when refined methods of analysis

are employed, which are recommended for curved bridges.

Typically, wearing surface loads and other similar loads

would be uniformly distributed to each girder.
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3.3 Construction Loads

The Recommended Specifications specify that a load fac-
tor of 1.4 should be applied to all construction loads (e.g., self-
weight of the steel, deck forms, deck, haunches, parapets, and
construction equipment) when computing girder actions to be

applied in checking the constructibility limit state. This load
factor is approximately equal to the average ofthe dead-load
factors of 1.25 and I .5 applied in the Strength I and Strength
IV load combinations in the AASHTO LRFD Specifications.
The specified factor is reduced to 1.0 when computing deflec-
tions due to the construction loads. Although the construction
loads a¡e temporary and are often not accurately known at

design time, the magnitude and location of these loads should
be noted on the design plans.

For construction loads that resist uplift, a reduced load
factor of 0.9 is conservatively applied. For construction
loads that cause uplift, a load factor of 1.2 should be applied.
This factor is slightly less than 1.4 because a slight uplift is
generally not critical to most structures. For cases where
uplift might result in instability or excessive deflections, the
engineer may wish to consider applying a larger factor to
these loads.

3.4 Wind Loads

According to this article, wind load is to be applied unidi-
rectionally to the projected vertical area ofthe bridge, includ-
ing barriers and sound walls. According to Article 3. 15 of the
Standard Specif,cations, wind should be applied either per-
pendicular or longitudinal to the bridge. For a curved bridge,
this is not practical, nor is it reasonable to apply wind as a cir-
cular wind force radial to the bridge. Applying the wind uni-
directionally to the projected vertical area of the curved
bridge accomplishes the same objective as the provisions
specifled in AASHTO Article 3.15, although the total wind
load may be less than if the provisions of Article 3.15 were
applied literally.

The Recommended Specifications also require the engi-
neer to determine the direction(s) of the wind that causes the

critical load effect in various components of the bridge. A
load path must be identified through which the wind loads are

assumed to be transmitted to the substructure. All members
and connections along that path should be designed for the
effect of the wind loads in combination with other loads.

Wind load applied to the top half of the exposed area is mainly
resisted through horizontal deck shear, assuming the deck is
capable ofproviding horizontal diaphragm action. The major-
ity of the wind load applied to the bottom half of the exposed
area is typically transferred from the bottom flange through
diaphragms or vertically inclined cross bracing up to the deck
and then down to the bearings and substructure through end

cross frames or diaphragms.

3.5 Live Loads

3.5.3 Petmit l¡tads. As an option to placing permit loads in
all traffic lanes, this article allows the engineer to consider a

permit vehicle in one lane in combination with the factored
design vehicular live load applied in the remaining lanes, if per-
mitted by the owner. Such an option, which is currently allowed
in some states, can be investigated more easily when refined
methods of analysis are employed. However, consideration of
permit loads in all loaded lanes is also allowed.

3 .5.4 Overload. -Overload is deûned as the dead load plus
the maximum expected live load to occur a relatively infre-
quent number of times. Infrequent implies that overload
stresses need not be considered for fatigue. Overload is used
to determine if the concrete deck is subject to a critical ten-
sile stress for locating the additional l-percent longitudinal
reinforcement (Article 2.4.3) and for checking slip in high-
strength bolted connections (Article ll.2). Finally, the over-
load is used to compute and ensure control of permanent
deflections (Articles 9.5 and 10.5).

The overload was developed from the AASHTO Road
Tests (32) in Ottawa, Illinois, in the late 1950s. Researchers
observed that single heavy trucks used in the tests could
cause peÍnanent set in steel girder bridges after several hun-
dred thousand cycles. When the load factor design provisions
were developed, the overload was incorporated to address
such issues as permanent set and slip of bolted connections.

AASHTO Article 10.57 def,nes overload as D + 5/3(LL + I)
for bridges designed for live-load H20 and greater. The provi-
sions imply that multiple lanes of traffic are considered.
AASHTO Article 3.5 requires that for bridges designed for
less than H20, a single lane of H or HS truck load be consid-
ered and that loading combination IA in AASHTO Article
3.22, which imposes a live-load factor of 2.2, be applied.
Although the provision is somewhat ambiguous, it clearly
implies consideration of a single infrequent heavy truck. Using
the standard wheel load distribution factors, two times a single
lane loaded is approximately equal to 5/3 times multþle lanes
loaded as follows:

Multiple lanes loaded with the normal live load:

5S
-x-xone lane moment3 5.5

^s= ¡ 
t moment due to one lane

Single lane loaded with two times the normal live load:

c2xix one lane moment,s
= iS t moment due to one lane

Thus, the present overload is approximately equivalent to
a single lane of two times the normal live load. When the load
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factor design provisions were written, HS20 was the standard

live load used in AASHTO. Thus, the intent of the original
overload provisions was to apply two times a single lane of
HS20 live load. This concept is similar to the use of two
times a single fatigue vehicle used in the AASHTO LRFD
provisions.

The researchers suggest the application of two times a sin-
gle lane of HS20, rather than the application of the overload
live load to several lanes. A heavy live load over the outside
girder of a bridge may be more critical on a curved-girder
bridge than on a tangent one. A heavy lane also produces

more torque in box girders than do multiple lighter lanes of
live load.

3.5.5 Sidewalk Load. The sidewalk live load should be

taken from AASHTO Article 3.14 unless overridden by the

owner. A footnote to Table 3.22.IA in the Standard Specifi-
cations states that a reduced load factor of I.25 should be

applied to the load effects caused by the combination of side-

walk live load and the vehicular live load plus impact (in lieu
of the typical load factor of 1.67 applied to the vehicular live
load plus impact acting alone). In computing the load effects
due to the vehicular live load, according to the Standard Spec-

ifications, a lateral distribution factor is typically applied,
which assumes the most critical placement of the design lanes

over the girder nearest the sidewalk ignoring the presence of
the sidewalk. The reduced load factor accounts for the low
probability ofthe vehicular live load being located at this crit-
ical position when the sidewalk live load is also located at its
most critical position.

When refined methods of analysis are employed, the actual

transverse position ofthe loads is recognized considering the
presence of the sidewalk loading, which typically results in the

loaded lanes being further from the girder nearest the sidewalk.
As such, the live-load effects in the girder are automatically
reduced. Thus, the Recommended Specifications state that the
maximum load factor applied to the vehicular live load should

also be applied to the sidewalk load when the two loads are

applied in combination (i.e., when the vehicular live load is not
permitted on the sidewalk).

If the assumption is made that the vehicular live load is
able to mount the sidewalk, the Recommended Specifica-
tions state that the sidewalk live loading should not be con-
sidered concurrently. Also, the Recommended Speciûcations
state that an impact allowance need not be applied to the side-
walk live load; the current AASHTO Article 3.14.1 does not
address this issue.

3.5.6 Impact. Impact factors that are applied to vehicular
live loads to account for dynamic amplification are specif,ed
in this article. The specified factors that are applied to I- and

box girders at the strength and serviceability limit states (Arti-
cles 3.5.6.1 and3.5.6.2, respectfully) are simplifications of
the factors provided in the current Guide Spec. Separate fac-
tors are specified for truck and lane loading in each case, with

a slightly higher factor to be applied to truck loading. The

impact factors for box girders are higher than for l-girders.
Article 3.5.6.3 specifies a reduced impact factor of 15 percent

to be applied to the vehicular fatigue load, which corresponds

to the reduced impact factor applied to the fatigue live load in
the AASHTO LRFD Specifications.

3.5.7 Fatigue. 3.5.7.1General. The development of the

fatigue live load given in the Recommended Specifications
was covered previously under the discussion of Article 2.3.

3.5.7.2 Application. For transverse members (e.g. cross

frames and diaphragms), the Recommended Specifications
state that one cycle of stress be defined as 75 percent of the
stress range determined by the passage of the fatigue live load
in two different transverse positions, but not to be less than the
stress range due to a single passage ofthe fatigue live load. The

use of two transverse positions of the truck is synonymous
with the assumption that the stress range is determined by the

separate passage of two trucks rather than one. The AASHTO
Standard Specifications and LRFD Specifications do not
address stress range in transverse members. Two transverse

positions of the fatigue live load are considered because the

sense of stress in a transverse member is reversed when the
live load is placed over an adjacent girder or web connected by
the cross member. Two transverse positions of the live load,
therefore, usually create the largest stress range in radially ori-
ented members. Of course, the two transverse positions of the
load are to be govemed by the rules for the placement of design
lanes within the roadway width.

Consider a tangent single box girder with the deck placed

centrally on the box. The cross frame forces inside the box
caused by placing a truck at its extreme permitted position on
the left side of the deck will be doubled by placing the same

truck at its extreme permitted position on the right side of the
deck. Thus, the full range of stress in the cross frame mem-
bers is caused by a fatigue truck in each lane, with one truck
being led by the other. The range of stress in the cross frame
members would be twice the range of stress computed for a
single passage of the fatigue truck. To account for the
reduced probability oftwo vehicles being in their critical rel-
ative positions, a factor of 0.75 was arbitrarily chosen to be

applied to the computed stress range. At this time, there is no
known data suggesting what an appropriate value should be,

so a conservative value of 0.75 is reasonable until further
research is done.

In addition, there is currently no allowance for the fact that
two trucks are required to compute the maximum stress range
in these members. In many instances, the specific number
of cycles will not matter because fatigue details will be
designed for an infinite life beyond the fatigue limit. How-
ever, if the design life of the detail is less than the fatigue
limit, the engineer may wish to consider a reduction in the
number of cycles for this case. This is similar to the approach
currently given in the AASHTO LRFD Specifications for the
fatigue loading of floor beams.



3.6 Thermal Loads

According to the Recommended Specifications, curved
bridges should be designed for the assumed uniform tem-
perature change specified in AASHTO Article 3.16. The
orientation of bearing guides and the freedom of bearing
movement is extremely important in determining the magni-
tude and direction of thermal forces that can be generated.
For example, sharply skewed supports and sharp curvature
can cause very large lateral thermal forces at supports if tan-
gential movements are permitted and radial movements are

not permitted. Under a uniform temperature change, orient-
ing the bearing guides toward a fixed point and allowing the
bridge to move freely along rays emanating from the fixed
point will theoretically result in zero thermal forces. Other
load conditions, however, can dictate the bearing orientation.
The bearing restraints and orientation, as well as the lateral
stiffness of the substructure, must be considered in a thermal
analysis.

In addition, a uniform 25oF temperature difference between
the deck and the girders should be considered when the width
of the deck is less than one-fifth of the longest span. A tem-
perature gradient is also specified in the AASHTO LRFD
Specifications and in the AASHTO Guide Specifications for
Design and Construction of Segmental Concrete Bridges (33).

Krauss and Rogalla (31) discussed the effect of such tempera-
ture differences. The difference is important in narrow bridges
where uplift at bearings might occur due to induced bending,
Designers may wish to check deck stresses with this load, but
such a check is not required.

4. StructuralAnalysis

4.1 General

As specified in the Guide Spec, this article requires that the
determination of moments, shears, and other load effects for
the design of the superstructure and its components be based
on a rational analysis of the entire superstructure. The analy-
sis may be based on elastic small-deflection theory, unless the
engineer believes that a more rigorous approach is necessary.

4.2 Neglect of Curvature Effects

Under certain specified conditions, the effects ofcurvature
may be neglected in the computation of vertical bending
moments in I- and box-girder bridges. However, the effects
of curvature must still be considered in all checks related
to strength and stability. The development of the specific
conditions in Article 4.2.1 when curvature effects may be
neglected in determining the vertical bending moments in
I-girders is discussed at length in Appendix A. The condi-
tions in Article 4.2.2for closed box and tub girders are taken
from Tung and Fountain (34).
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A convenient approximate equation for determining the
lateral bending moment in I-girder flanges resulting only
from the effects of curvature when the cross frame spacing is
relatively uniform is given h Article 4.2.I.

4.3 Methods

As specifìed in Article 4.3.1, approximate analysis meth-
ods may be used when the engineer confirms that results
from such an analysis are consistent with the principles
defined in Article 1.2. Although not specified, such checks
include global equilibrium checks of dead-load reactions and

static equilibrium checks at various cross sections. If these

checks are not satisfactory, refined methods of analysis must
be used according to the provisions of Article 4.3.2.

Two of the most commonly used approximate methods for
curved-bridge analysis are the Vload method for l-girder
bridges and the M/R method for box-girder bridges. Strict
rules and limitations on the applicability of these approximate
methods of analysis do not exist. The engineer must determine
when approximate methods of analysis are appropriate for
application to a given case. A brief discussion of some of the

inherent limitations of these methods is given in the commen-
tary to Article 4.3.L At additional limitation of these methods
that is not discussed is that vertical bearing reactions at inte-
rior supports on the inside (concave side) of continuous-span
curved bridges are often significantly underestimated by these

methods.

4.4 Uplift

V/hen lift-off is indicated in the analysis, this article re-
quires that the analysis be modiûed to recognize the absence

ofvertical restraint at that particular support and the freedom
of the girder to move at that bearing. Lift-off is most likely
to be permitted to occur during sequential placement of the
concrete deck.

4.5 Concrete

4.5.1 General. Concrete is assumed to be effective in
compression, tension, flexural shear, and in-plane shear for
determining the global stiffness used to generate moments,
shears, reactions, and torsion. Such an assumption simplifies
the analysis and is consistent with the assumption made in
the analysis ofreinforced concrete structures where the con-
crete is generally considered to be effective in tension. Field
measurements (3I3ó) also confirm that the concrete is effec-
tive in tension for typical magnitudes of live load. For
extremely large girder spacings, such as in girder floor-beam
bridges, shear lag should be considered in determining the
amount of deck to be considered effective. The AASHTO
Guide Specifications for Design and Construction of Seg-

mental Concrete Bridges (33) can be used to determine the
effective width adjusted for shear lag.
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4,5.2 Stresses in Composite Sections. This article pro-
vides the computation of stresses in composite sections,
which is a subject given limited consideration in the current
AASHTO Standard Specifications. This article is intended to
provide consistency in determining bridge capacity from
these provisions by ensuring a unified approach in comput-
ing the stresses in composite sections. The economics of
many composite girders are affected by decisions related to
the computation of section properties.

Because of the effects of moving live loads, points of
dead-load contraflexure have little meaning in continuous
bridges. Both positive and negative live-load moments are

applied at nearly all points along the bridge, The Recom-
mended Specifications state that positive live-load moments
should be applied to the uncracked composite section at all
limit states.

At the strength limit state only, negative live-load moments
should be applied to the cracked composite section (ignoring
the concrete) at all locations regardless of the magnitude of
the net concrete tensile stress. Positive superimposed dead-

load moments should be applied to the uncracked composite
section at the strength limit state unless the net stress in the
concrete deck due to the superimposed dead-load moment
plus the negative live-load moment is tensile.

At the fatigue, serviceability, and constructibility limit
states, the uncracked section should be used for computing
stresses due to both positive and negative superimposed dead-

and live-load moments. This assumption will have a signifi-
cant benef,cial effect on the computation of fatigue stress

ranges in regions of stress reversal and in negative moment
regions. Researchers have established that concrete provides
significant resistance to tensile stress at service load levels.
Article 2.4.3 of the Recommended Specifications provides
a proper amount, size, and spacing of longitudinal deck re-

inforcement in regions where the longitudinal tensile stress

in the deck due to factored construction loads or due to over-
load exceeds the modulus of rupture times a resistance factor.
By using properly spaced longitudinal reinforcement, crack
length and width can be controlled so that full-depth cracks do
not occur across the entire deck. When a crack does occur, the

stress in the longitudinal reinforcement increases while the
crack grows. Ultimately, the cracked concrete and the re-
inforcement reach equilibrium and the crack is anested. Thus,
the width of deck that is effective with the girder could contain
a small number of cracks that are staggered at any given sec-

tion of the deck, However, properly placed longitudinal rein-
forcement does not allow these cracks to coalesce. Brazegar
and Maddipudi (37) addressed the effects of slip and crack
size on both the strength and stiffness of concrete in tension.

Even at the overload level, it is unlikely that the net tensile
stresses in the concrete deck will be far enough above the mod-
ulus of rupture to cause significant deck cracking. Field data

substantiates that stresses in the composite section are best pre-
dicted based on section properties computed assuming an

uncracked section up to the overload level (35).

In addition to considering that the concrete deck is effective
for computing flexural stresses at selected limit states, the pro-
visions also consider that the concrete deck is fully effective
with the top flange bracing at all locations in resisting the
torsional shear in tub girders. In this instance, the deck is con-

sidered to be fully effective in horizontal shear at all limit
states. Although not discussed, orthogonal reinforcement in
the deck of l-girders also helps ensure adequate shear capacity
for torsional loads.

This article also states that the effective width ofthe deck
shall be the full deck width over each girder or web when
computing the composite section properties. Cunent AASHTO
Standard Specifications limit the effective width of the con-
crete deck over interior girders to the lesser of ( 1 ) I 2 times the

least thickness of the deck (12t), (2) one-fourth the span

length of the girder, and (3) the girder spacing. At a time when
girder spacings were typically 8 ft or less, the effective width
computed according to this requirement most always included
all of the deck. V/ith the increasing use of wider girder spac-

ings, recognition of more of the concrete deck is necessary

to better predict composite dead- and live-load deflections.
Recent field measurements reported that an entire 9.5-in. thick
deck was fully effective in both positive and negative moment
regions on a bridge with a 15-ft girder spacing (35). The
AASHTO Guide Specifications for Design and Construction
of Segmental Concrete Bridges (33) recognize the entire deck
width to be effective unless shear lag adjustments become
necessary.

Article 4.5.2 also requires that girder stresses due to vertical
bending and lateral flange bending acting on the noncomposite
and composite sections be accumulated for checking all limit
states. Thus, total stresses cannot be determined by applying the

sum of the noncomposite and composite moments to the com-
posite section. When computing the noncomposite dead-load
stresses to be added to the composite dead- and live-load
stresses at the strength limit state, the provisions allow the engi-
neer to assume that the deck is placed at one time rather than
sequentially. Over time, creep of the concrete will result in
stresses corresponding to this assumption.

Lateral flange bending stresses do not need to be considered
in the concrete deck. When a cast-in-place deck is used, lateral
bending stresses in the top flange (including the locked-in
stresses due to the noncomposite loads) can be ignored after
the deck has hardened. The combined lateral section modulus
of the top flange and concrete slab is so large that the lateral
flange bending stresses due to loads applied to the composite
section are negligible. Lateral flange bending stresses induced
in the noncomposite flange prior to its encasement in concrete
remain in the flange. The provisions permit these stresses to
also be ignored after the deck has hardened because these

stresses do not contribute to lateral failure of the composite
flange. Although these stresses do theoretically contribute to
the potential for premature failure of the steel flange, the deck
should provide adequate additional capacity at the strength limit
state. If precast deck panels are used, then the engineer may



choose not to ignore the noncomposite lateral flange stresses

in the top flange, particularly if the flange is not continuously
supported by the deck panels.

4.5.3 Prestressed Concrel¿. Prestressed concrete decks
and integral post-tensioned pier caps are explicitly permitted
by the Recommended Specifications. Although the AASHTO
Standard Specifications do not forbid these forms of con-
struction, they do not cover them either. The intent of this afti-
cle is to enumerate several issues that should be considered
when these forms of construction are used. These issues

include friction forces, sequencing of prestressing, forces
induced in the girders and their components due to the pre-
stressing, and transverse tensile stresses resulting from the
Poisson effect. In an integral post-tensioned pier cap, the
transverse Poisson tensile stress induced in the concrete by
the post-tensioning also induces a longitudinal stress in the
steel girders passing through the cap.

5. Flanges with One Web

5.1 General

The provisions in this article apply to a single horizontally
curved flange attached at midwidth to a vertical or inclined
web. The flange can be either continuously or partially braced
and either compact or noncompact. The strength equations in
this article, as is the case in the current AASHTO Standard
Specifications, were derived assuming a prismatic flange
between brace points. Thus, changes in flange size should be

made at or near a panel brace point. When changes in flange
size are made away from a brace point, the flange size should
still be assumed to be constant using the properties (width
and radius) of the smaller flange within the panel. The proce-

dures for members with a variable moment of inerlia between
brace points that are referred to in the AASHTO Standard
Specifications (Table 10.32.1A, footnote c) should not be
applied to the strength equations given in the Recommended
Specifications.

The stress,/¡, in the strength equations should be taken as

the largest average factored flange stress at either brace point.
The total lateral flange bending stress,f, due to both curva-
ture and other effects should be taken as that stress at the crit-
ical brace point. Sign conventions for both stresses are given
in this article. In general, when the lateral flange moment is
a restoring force at the cross frame, the ratio of the lateral
flange bending stress to the average flange stress is positive.
Thus, when the lateral flange bending is due primarily to cur-
vature, the ratio will be positive at the cross frame in both top
and bottom flanges.

The limitations on the unbraced length and the lateral
stress-to-bending stress ratio at brace points are retained
from the cuffent Guide Spec. In the Recommended Specifi-
cations, however, the bending stress ratio should be checked
only when the average flange stress is greater than or equal
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to 0.5 times the critical flange stress because there is no need

to limit this ratio when the average flange stress is small. The
lateral flange bending stress is also limited to 0.5F, in the
Recommended Specifications, regardless of the level of ver-
tical bending stress. Other parameters that were limited in
the research that led to the development ofthe strength equa-

tions are listed in the commentary to this article. An extreme
deviation from any of these parameters in the design is not
recommended.

5.2 Partially Braced Compression Flanges

Patially braced compression flanges are defined in the
Recommended Specifications as flanges that are not braced
continuously by the hardened concrete deck. Partially braced
compression flanges qualify as either compact or noncompact
depending on the width-to-thickness ratio and yield stress of
the flange. In the Recommended Specifications, flanges rather
than sections are defined as compact and noncompact because

curved girders fail due to lateral bending and are not able to
develop the full plastic-moment capacity, Mr. Thus, a com-
pactness requirement for the web has little significance. This
assumption is consistent with the work done by Culver and

McManus (6), which is reflected by the absence of a web
compactness requirement in the current Guide Spec.

5.2.1 Compact Flanges. Partially braced compression
flanges qualify as compact when the yield stress does not
exceed 50 ksi and the width-to-thickness ratio of the flange
does not exceed 18. The specified yield stress limit of50 ksi
was also recognized by Culver and McManus. The maxi-
mum width-to-thickness ratio of 18 specified for compact
flanges has been liberalized from the current value in the
Guide Spec. The value in the Recommended Specifications
corresponds approximately to the maximum permissible
flange slenderness for compact sections in tangent girders

fabricated from 50-ksi steel, as given in the AASHTO LRFD
Specifications. During construction conditions, a partially
braced flange should not be considered compact when deter-
mining the critical flange stress.

Proposed Equation (5-4) for the critical flange stress is

almost identical to the equation from the Guide Spec. There
have been some adjustments made to the equation based on
further study of the work by Culver and McManus (ó) under
the CURT project. In the equations for p¿ atd p*,f* has been
replaced withfl,, which is defined as the factored lateral flange

bending stress at the critical brace point due to effects other
than curvature. These effects might include torsion resulting
from the effect of skewed supports or dead loads acting on
overhang brackets. Iftorsion is due only to the effects ofcur-
vature, which is often the case, f,, will equal zero. Lateral
flange bending stresses due to curvature are not included inf,
because such an assumption was made in the original devel-

opment of the p terms by Culver and McManus. This fact was

not made evident in the current Guide Spec. By settingJ, to
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zero, Equation (5-4) prediats lower strengths. This change
causes the proposed Equation (5-4) to better predict the ulti-
mate strength of curved test specimens. A more detailed dis-
cussion is found in Appendix B. The equations for the p fac-
tors were also modified slightly in the Recommended
Specifications to allow the length between brace points and

the minimum radius in the panel to be input in units of feet
rather than inches.

The proposed Equation (5-4) recognizes the ability of sec-

tions with compact flanges to achieve full plastification under
the combination of vertical and lateral bending. Because the
product of the two p factors is limited to 1.0, the maximum
critical flange stress is conservatively limited to the lateral
buckling stress given by the proposed Equation (5-5).

The proposed Equation (5-5) is retained from the current
Guide Spec with one exception. For singly symmetric sec-

tions, the flange width, á¡ should be taken as 0.9á¡ in the
computation of the term 1,. Equation (5-5) was the lateral tor-
sional buckling equation for tangent-girder compression
flanges that existed in the AASHO Specifications at the time
of the Culver and McManus work. The factor of 0.9 applied
to the flange width was prescribed for singly symmetric sec-

tions in those AASHO provisions but was omitted in the
Guide Spec. The decision was made to restore this factor in
the Recommended Specifications. Strictly speaking, Equa-
tion (5-5) is only applicable when the critical stress computed
from the equation is greater than 0,5F, which is the typical
case. For critical stresses less than 0.5flr, the engineer may
wish to consider using the classical Euler hyperbola to deter-
mine the critical stress because the parabolic shape of Equa-
tion (5-5) is too conservative for predicting the critical stress

at higher values of the flange slenderness.

The current Guide Spec does not prescribe a limit on the
flange tip stress for compact flanges in the load factor design
provisions. If a compact flange has an average stress equal to
the yield stress, there is theoretically no capacity remaining
in the flange to resist the lateral bending. Thus, the proposed
Equation (5-6) was developed to address this shortcoming in
a rational fashion. The limit on the combined vertical and lat-
eral bending stress was derived on the basis of the assump-
tion that the flange is fully yielded under the combination
of the vertical and lateral flange bending moments. The deriva-
tion of the proposed Equation (5-6) is discussed in greater
detail in Appendix A. Based on this derivation, a small por-
tion of the web is permitted to yield. If the engineer wishes
to prevent any yielding of the web, then the factor of % in the
proposed Equation (5-6) can be replaced by a factor of %

(38). The critical average stress for a compact flange is taken
as the smaller value from either the proposed Equation (5-4)
or (5-6).

5.2.2 Noncompact Flanges. Noncompact compression
flanges are partially braced flanges that are permitted to reach

the yield stress at the flange tip without local buckling. Non-
compact flanges must satisfy the width+o-thickness limitation

given by the proposed Equation (5-7). The actual tþ stress is
included in the denominator of the width-to-thickness require-
ment, which provides some relief at more lightly stressed sec-

tions. Research to date has shown that local buckling of flanges

is critical when the flange slenderness exceeds 23 (15,39).

During erection and deck placement when the compression
flange is partially braced, the flange slendemess must satisfy
Equation (5-7).

The proposed Equation (5-8) is close to the current equa-

tion given in the Guide Spec, except for an adjustment in the
equations for the p factors that allows the length between
brace points and the minimum radius in the panel to be in
units of feet rather than inches. Also,fi has been replaced by

f,, in the equations for p,u. As shown in Appendix B, this
change increases the predicted strength of curved girders

with noncompact flanges and results in better correlation
with the onset of initial nonlinear behavior in curved test

specimens. The flange tip stress is limited to the yield stress

according to the proposed Equation (5-9). The critical aver-
age stress for a noncompact flange is taken as the smaller
value from either the proposed Equation (5-8) or (5-9).

5.3 Pørtially Braced Tension Flanges

In the current Guide Spec, the average stress in tension
flanges is limited to Ã,,, without any consideration of the p
factors. Tension flanges were not explicitly considered in the
CURT project because only doubly symmetric sections were
studied. As a result, McManus (5) had originally suggested

that p factors be applied to tension flanges of singly sym-
metric sections. In earlier versions of the Guide Spec, p fac-
tors were therefore applied in determining the critical stress

for tension flanges. Then, in the early 1990s, a rather arbi-
trary decision was made to remove these factors. After fur-
ther study of the McManus work, it was decided to conser-
vatively reinstate the application ofthe p factors to Ã, in the
proposed Equation (5-10) of the Recommended Specifica-
tions when determining the critical avetage stress for pør-
tially braced tension flanges. The p factors for compact
flanges were used. It was also decided to limit the flange tip
stress according to the proposed Equation (5-1 1), which is
the same equation that is applied to compact compression
flanges.

Finally, partially braced tension flanges should meet the

width{o{hickness requirement for noncompact compression
flanges given by the proposed Equation (5-7) to ensure that the

flange will not distort excessively when welded to the web.

5.4 Continuously Braced Flanges

Continuously braced flanges typically represent either
compression or tension flanges that are encased in concrete.
In the Recommended Specifications, the critical average

flange stress for a continuously braced flange is limited to 4,.



Vy'hen the flange is partially braced, it must satisfy the width-
to-thickness limitation given by the proposed Equation (5-7)

for the conditions that exist when the flange is partially
braced. As discussed earlier under Article 4.5.2,lateral flange
bending stresses do not need to be considered once a flange is
continuously braced.

6. Webs

6.2 UnstffinedWebs

To date, there have been no tests ofhorizontally curved un-
stiffened webs with a slendemess greater than about 70. There-
fore, for girders with unstiffened webs and a radius less than
700 ft, the maximum allowable web slenderness is limited to
100 in the Recommended Specifications. The web slenderness

limit of 100 is approximately equal to the maximum allowable
web slendemess for compact webs of up to 50-ksi steel given
in the AASHTO LRFD Specifications. According to Equation
(6-2), the permitted web slendemess increases linearly with the

minimum radius in the panel, up to a maximum slenderness of
150 at a minimum radius greater than or equal to 2,000 ft. The
slenderness limit of 150 is the maximum allowable slender-
ness for tangent girders with unstiffened webs given in the
AASHTO Standard Specifications.

6.2. I B ending Stresses, Longitudinal compressive stresses

in both unstiffened and stiffened curved web panels are lim-
ited to the smaller of the elastic bend-buckling stress or the
yield stress at each limit state, including constructibility, in
the Recommended Speciflcations. Equation (6-3) represents

the typical form of the elastic bend-buckling stress in these

provisions. The AASHTO Guide Spec and the Standard Spec-

ifications indirectly control the compressive stress (and there-
fore bend-buckling) in the web by providing explicit limits on
the overall web slenderness, Dlt., for both unstiffened and

stiffened webs. In load factor design, these limits are primar-
ily expressed as a function of the yield stress, {. Limiting the

slenderness as a function of { assumes that the factored stress

at all sections is equal to,(. At sections where the factored
stress is below -Ç, a higher slenderness should be permitted.

In the Recommended Specifications, absolute limits on the
overall web slenderness, D/t,, are also provided for both stiff-
ened and unstiffened webs; however, these limits are inde-
pendent of {. The maximum longitudinal compressive stresses

in the web are then limited separately to prevent elastic bend-
buckling, which is logical since bend-buckling is an elastic
phenomenon not related to the yield stress of the material. The
permissible bend-buckling stress is a function of the depth of
the web in compression, D., which, in turn, is related to the

actual factored accumulated stress in the web. As in the cur-
rent Guide Spec, post bend-buckling resistance is not rec-
ognized in curved web panels. Factored longitudinal tensile
stresses in the web are limited to F".
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For curved unstiffened webs, the bend-buckling coeffi-
crenf, k, in the Recommended Specifications is conserva-
tively limited to a value of 7.2(D/D,)2, which is approxi-
mately 20 percent lower than the value of 9.0(D/D,)2, given
in Article 10.61.1 of the AASHTO Standard Specifications
for flat webs. The bend-buckling coefficient for a flat plate
subject to a symmetrical bending stress pattern and with
clamped edges at the top and bottom of the plate is equal to
39.6 (40). The value of ft in the current Standard Specif,ca-
tions assumes that the flanges offer only some partial degree
of rotational restraint. For a symmetrical section, the result-
ing bend-buckling coefficient is 36.0. Both cases assume

pure bending with no shear present. A moment-shear inter-
action relationship is curently not provided in the Guide
Spec or the Standard Specifications to handle the case of
unstiffened webs. Therefore, to provide some conservatism
for cases where an unstiffened web panel is subjected to
both high shear and high moment, the bend-buckling coef-
ficient for unstiffened webs has been lowered in the Rec-
ommended Specifications. For a symmetrical section, the
resulting bend-buckling coefficient is 28.8. Both the Guide
Spec prior to 1990 and the Standard Specifications prior to
1987 followed a different tact by instead lowering the shear-

buckling strength of unstiffened web panels. In both speci-
fications, the shear strength of unstiffened web panels was
limited to a strength approximately 30 percent below the
theoretical elastic shear-buckling strength, presumably to
account for possible moment-shear interaction effects. The
only known tests of flat unstiffened web panels subjected to
high shear and high moment did show some deterioration of
strength (41). There are no known similar tests on curved
unstiffened web panels. The paucity of tests on curved un-
stiffened web panels up to a slenderness of 150 subjected
to various ratios of shear and moment is one significant
argument for the suggested conservatism.

Near points of dead-load contraflexure, both edges of the
web may be in compression when stresses in the steel and

composite sections due to moments of opposite sign are

accumulated. In this case, the neutral axis lies outside the
web. The equation given for the bend-buckling coefficient
does not recognize this situation and gives an exceedingly
low coefficient for this case (i.e., D" greater than D). Thus,
the provisions also limit the minimum value of the bend-
buckling coefficient for both unstiffened and stiffençd webs
to a value of 7.2, which is approximately equal to the theo-
retical bend-buckling coefficient for a web plate under uni-
form compression assuming clamped boundary conditions at
the flanges (40).

6.2.2 Shear Strength. In the Recommended Specifications,
the shear strength of unstiffened curved web panels is limited
to the elastic shear buckling strength given by the proposed
Equation (6-4). Because the decision was made to lower the

bend-buckling strength to account for the effect of coincident
shear, the shear strength does not need to be adjusted for co-
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incident bending. The equations for the constant, C, are equiv-
alent to the equations given in the current Standard Specifi-
cations. These equations are expressed in a nondimensional
format in the Recommended Specifications. The shear-buckling
coefficient, k,, is taken as 5.0 for unstiffened web panels.

6.3 Trqnsversely Stiffened Webs

The maximum allowable web slenderness, D/t,,., of trans-
versely stiffened curved web panels is specified to be 150 in
the Recommended Specifications. This web slenderness limit
is independent of the yield stress of the web plate. For inclined
webs, the distance along the web is used for D rather than the
vertical distance. The maximum spacing of transverse stiff-
eners is limited to the web depth, D, which is retained from
both the Guide Spec and the Hanshin Guidelines. There has

been no research to date to indicate that a larger maximum
spacing should be allowed. At simple supports, the maximum
stiffener spacing is limited to 0.5D in order to anchor the
panel against buckling.

6. 3. I B ending Stress es. The maximum longitudinal bend-
ing stress in a transversely stiffened curved web panel is
limited according to the proposed Equation (6-8). The bend-
buckling coefficient is increased from a value of 1.2(D/D)2
for unstiffened webs to a value of 9.0(D/D,)2 because trans-
verse stiffeners tend to strengthen curved web panels and
because the post-buckling strength of the panel in bending
and shear is currently ignored. A minimum bend-buckling
coefficient of 7.2 is also specified for reasons discussed
previously.

6.3.2 Shear Strength. The shear strength of transversely
stiffened curved web panels is also taken as the elastic shear-

buckling strength. As in the current Guide Spec, the post-
buckling shear strength of stiffened curved web panels is
ignored. The shear-buckling coefficient, k,,,, is calculated
according to the proposed Equation (6-9). The calculated
stiffener spacing, d, that is required to provide the necessary

shear strength should be used in computing ft,", because the
actual stiffener spacing, do, may be less than d for practical
reasons. A similar requirement appeared in earlier versions of
the AASHTO Standard Specifications.

6.4 Longitudinally and Transv ers ely Stffined W eb s

Vy'hen the web slenderness of a transversely stiffened
curved web panel exceeds 150, one or two longitudinal web
stiffeners may be used in conjunction with the transverse
stiffeners. The maximum web slenderness of a longitudinally
and transversely stiffened web may not exceed 300, which is
equivalent to the limit given in the Hanshin Guidelines for a

web with two longitudinal stiffeners (20). There has been

limited research on the behavior of longitudinally and trans-

versely stiffened curved webs in Japan. No research on lon-
gitudinally and transversely stiffened curved webs has been

conducted in the United States to date.

6.4.1 Bending Stresses. The maximum longitudinal com-
pressive stress in a longitudinally and transversely stiffened
curved web panel is limited according to the proposed Equa-
tion (6-10). The bend-buckling coefficient is given by either
proposed Equation (6-1 1) or (6-12), depending on the location
of the critical longitudinal stiffener (adjacent to the compres-
sion flange) with respect to a theoretical optimum location
of 0.4 D, from the compression flange. Equations (6-11) and
(6-12) appear in the current AASHTO Standard Specifications
and were developed assuming simply supported boundary
conditions at the flanges (42). Changes in flange size along
the girder cause D. to vary along the length of the girder. If the

longitudinal stiffener is located a f,xed distance from the com-
pression flange, which is normally the case, the stiffener can-
not be located at its optimum location all along the girder.
Also, the position of the longitudinal stiffener relative to D. in
a composite girder changes due to the shift in the location of
the neutral axis after the concrete slab hardens. This shift in the
neutral axis is particularly evident in regions ofpositive flex-
ure. Thus, Equations (6-11) and (6-12) were developed to
compute the web bend-buckling capacity for any position of
the longitudinal stiffener with respect to D,. D, should be

computed based on the sum of the accumulated stresses due to
the factored loads for the limit state under consideration. In
regions of negative bending at the strength limit state, D,may
conservatively be taken as the value of D" computed for the
section consisting of the steel girder plus the longitudinal re-
inforcement, since the distance between the neutral axis loca-
tions for the steel and composite sections is typically not large
in negative-bending regions.

Because a longitudinally and transversely stiffened web
must be investigated for the stress conditions at different limit
states and at various locations along the girder, it is possible
that the stiffener might be located at an inefficient location for
a particular condition resulting in a very low bend-buckling
coefficient from Equation (6-11) or (6-12). Because simply
supported boundary conditions were assumed in the develop-
ment of these equations, the computed web bend-buckling
resistance for a longitudinally and transversely stiffened web
may be less than that computed for a web without longitudi-
nal stiffeners where some rotational restraint from the flanges
has been assumed. To prevent such an anomaly, the provi-
sions state that the k value for a longitudinally stiffened web
must equal or exceed the k value for a web without longitudi-
nal stiffeners, which is calculated assuming partial rotational
restraint from the flanges.

In regions where the web undergoes stress reversal, it may
be necessary to use two longitudinal stiffeners on the web.
Alternatively, it may be possible to place one stiffener on the
web such that the limit states are adequately satisfied with
either edge of the web in compression.



6.4.2 Shear Strength. The shear strength of a longitudi-
nally and transversely stiffened curved web panel should be
taken the same as the shear strength of a web panel without
longitudinal stiffeners. As in the current specifications, the
contribution of the longitudinal stiffener to the shear strength
of the panel is ignored.

6.5 Transverse Web Stffiners

The provisions for the design of transverse web stiffeners
are essentially the same as the requirements in the load factor
design portion of the current Guide Spec. The curvature pa-
rameter, Z, thatis applied in determining the required rigidity
of the stiffener accounts for the radial force that develops in
curved girder webs. The required moment of inertia of the
stiffener is determined by using the required stiffener spacing,
d, in the panel, because d is also used to determine the panel
shear strength. However, the actual stiffener spacing, d,, is
used to compute the curvature parameter, Z because this
parameter is actually dependent on the restraint provided by
the transverse stiffeners.

The maximum permissible width-to-thickness ratio for the
stiffener given by the proposed Equation (6-13) is essentially
the same as the current requirement in the Guide Spec, only
expressed in a nondimensional format.

The provisions do recommend that intermediate transverse
stiffeners be attached to both flanges when single stiffeners
are used on only one side of the web to help retain the cross-
sectional configuration of the web panel under nonuniform
torsion and to help prevent torsional buckling of the flanges.
'When pairs of transverse stiffeners are used, the provisions
require that the stiffeners fit tightly against both flanges.
Stiffeners serving as cross frame connection plates must be

rigidly attached to both flanges to transfer the horizontal
force in the cross members to the flanges. The stiffeners must
also be of the same or lesser material grade as the web to
which the stiffeners are attached.

6.6 Longitudinal Web Stffiners

For composite sections, the vertical position of a longitu-
dinal web stiffener relative to D. changes after the concrete

slab hardens. This relative position can also change at vari-
ous stages ofthe deck casting sequence and as the web under-
goes stress reversal. Thus, the computed web bend-buckling
resistance given by the proposed Equation (6-10) is different
for different conditions before and after the slab hardens. As
a result, the determination of the optimum location should be

left up to the engineer. Several trial vertical locations of the

stiffener may need to be investigated to determine the opti-
mal location of the stiffener to provide adequate elastic web

bend-buckling resistance at each limit state, particularly in
positive bending regions. Because the neutral axis location
does not vary greatly in negative bending regions before and
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after the slab hardens, an initial trial location of 0.4 D. from
the compression flange should be examined in these regions,
where D" is the depth of the web in compression at the sec-

tion with the maximum compressive stress due to the fac-
tored loads. As discussed previously, D., for this case, should
be computed for the section consisting of the steel girder plus
the longitudinal reinforcement rather than from the accumu-
lation of the factored stresses. Because D. may vary along the
span, the stiffener may not be located at its optimum location
at other sections with a lower stress and a different D.. These
sections should also be examined to ensure that they satisfy
the specif,ed limit states (see Appendix E).

Longitudinal stiffeners placed on the opposite side of the
web from transverse stiffeners are preferred. At bearing stiff-
eners and connection plates, where the longitudinal stiffeners
and transverse web elements must intersect, the longitudinal
stiffeners must be made continuous to satisfy the analyti-
cal assumptions made in the theoretical development of the
web bend-buckling strength given by the proposed Equation
(6-10) and in the theoretical development of the rigidity
requirement given by the proposed Equation (6-19), in which
the longitudinal stiffeners were assumed to be restrained at

their ends by the transverse stiffeners (20,42). In the case of
curved webs, the required longitudinal stiffener is typically
larger and is also subject to lateral bending, which makes it
even more imperative that the detailing be consistent with the
theoretical design assumptions. The engineer may interrupt
either the longitudinal stiffener or the transverse web ele-
ment. However, the discontinued element must be fitted and

attached to both sides of the continuous element with con-
nections sufficient to develop the flexural and axial resis-
tance of the discontinued element. If the longitudinal stiffener
is intemrpted, however, the interruptions must be carefully
designed with respect to fatigue. Copes must also be pro-
vided in the stiffener plates in either case to avoid intersecting

welds.
The development of the proposed Equation (6-19) for the

required moment of inertia of a longitudinal stiffener on a
curved web panel was covered in the section on the Hanshin
Guidelines. The factor, B, in the proposed Equation (6-19)
was developed from a linear fit of a more complex require-
ment given in the Hanshin Guidelines. The required moment
of inertia for a longitudinal stiffener on a curved web panel

will typically be larger than the required moment of inertia
for a longitudinal stiffener on an equivalent flat web panel

because of the tendency of the curved web to bow.
The Recommended Specifications also require that the

width-to-thickness ratio of the outstanding longitudinal web

stiffener element satisfy the proposed Equation (6-13), which
is the same requirement that is specified for transverse web

stiffeners. The provisions also require that the material grade

of the longitudinal stiffener be the same as for the web to
which the stiffener is attached to prevent the possibility of a
premature failure of the longitudinal stiffener.
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6.7 Bearing Stffiners

The provisions for the design of bearing stiffeners in the
Recommended Specifications cover the design of both con-
centrically and eccentrically loaded bearing stiffeners. The
provisions for the design of bearing stiffeners given in Arti-
cle 10.34.6 of the Standard Specifications were written at a
time when rocker-type steel bearings were the most çommon
type of bearing used. Thus, eccentricities due to thermal
movements did not generally occur. With the use of more
modern sliding bearings, larger eccentricities of the vertical
reactions on bearing stiffeners can occur, in particular, when
the bearing stiffeners are attached to solid-plate diaphragms
that are perpendicular to the direction of the primary thermal
movements.

For concentrically loaded bearing stiffeners, the Recom-
mended Specifications state that the stiffeners should be

designed as centrally loaded compression members. The
AASHTO Standard Specifications do not currently contain
specific load factor design provisions for bearing stiffeners.
Therefore, the Recommended Specifications refer directly to
the load factor design provisions for centrally loaded columns
given in Anicle 10.54.1 to design the stiffeners. An effective
length factor, K, of 0.75 should be used. For bearing stiffen-
ers subject to significant eccentricities, the stiffeners should
preferably be designed as beam-columns, according to the
provisions of AASHTO Article 10.54.2. These provisions
provide interaction equations for the design of beam-columns
under combined bending and axial load. Again, K should
equal 0.75. The equivalent moment factor, C, is to be conser-
vatively taken as 1.0. In both cases, a centrally located portion
of the web or diaphragm equal to 18/, can be considered
effective with the pair of bearing stiffeners. As referred to pre-

viously, bearing stiffeners can be used in pairs on either the
girder or diaphragm web at locations that receive girder reac-
tions or other concentrated loads. For box girders, bearing
stiffeners should preferably not be used on inclined webs.

Rather, bearing stiffeners for box girders should be placed
on the diaphragms so that the stiffeners are perpendicular to
the sole plate. If the web or diaphragm should be restrained
by concrete, bearing stiffeners may not even be required as

long as adequate shear connection is provided to transfer the
reaction or concentrated load between the concrete and steel

elements. In this case, however, another load path should be
provided through the steel because the concrete is likely to
creep around the shear connectors.

The bearing stiffeners can either be milled-to-bear or con-
nected to the flange with full-penetration groove welds.
When the stiffener plates are milled to f,t tightly against the
flange, flllet welds are normally used. The welds must be

designed to transmit the entire end reaction to the bearing in
shear. For the case where the stiffeners are milled-to-bear,
the calculated bearing stress due to the factored loads at the
ends ofthe bearing stiffeners is not to exceed 1.35F, which

is the bearing strength specified for milled surfaces in the
AISC LRFD specifications (43).ln all cases, the provisions
require the final attitude ofthe bearing stiffeners to be verti-
cal. Rotation ofthe girder due to dead load about either axis
at the bearing may cause the bearing stiffeners to be loaded
unevenly. Vy'hen these rotations become significant, the girder
can be cambered for rotation about one or both axes to help
ensure more uniform bearing.

The Recommended Specifications also require that the
width-to-thickness ratio of the bearing stiffeners satisfy the
proposed Equation (6-13), which is the same requirement
that is specified for transverse and longitudinal web stiffen-
ers. Finally, the provisions also require the material grade of
bearing stiffeners to be the same as or less than for the web
to which the stiffeners are attached.

7. Shear Connectors

7.1 General

In the Recommended Specifications, the provisions for the
design of shear connectors for ultimate strength are based on
the provisions given in the AASHTO Standard Specifica-
tions. The provisions for the design of shear connectors for
fatigue are based on the provisions given in the AASHTO
LRFD Specifications. In each case, however, modifications
are made to consider the radial forces that develop on shear
connectors in curved bridges.

According to the Recommended Specifications, shear con-
nectors must be provided in negative moment regions. Current
AASHTO provisions do not require the use of shear con-
nectors in negative moment regions unless the longitudinal
reinforcement is considered when computing the section
properties. Ifthe longitudinal reinforcement is not considered,
shear connectors may be omitted in the negative moment
regions. In this case, a defined number of additional anchor-
age connectors must be provided at points of dead-load con-
traflexure and the longitudinal reinforcement must be extended
a given distance beyond the anchorage connectors. The anchor-
age connectors should be placed within a distance equal to
one-third ofthe effective deck width on either side or centered
about each point of dead-load contraflexure.

When moving loads are considered, the points of dead-
load contraflexure have little meaning. Also, when the shear

connectors are discontinued, all of the force in the deck is
transferred into the steel at one location, causing large forces
in the anchorage connectors and an increasing tendency for
the deck to crack at the point where the shear connectors are
discontinued (unless the bond between the top flange and
deck is adequate). There are no known failures of shear con-
nector welds to tension flanges in cases where studs have
been provided along the entire length of the girder. However,
fatigue failures at shear connector welds have been reported
at locations where the shear connectors have been terminated



at the dead-load points of contraflexure. Shear connectors
can help to control the cracking in concrete subject to a net
tensile stress when longitudinal reinforcement is also pres-
ent. Finally, shear connectors must be present along the
entire span to resist the torsional shear that exists in both pos-
itive and negative moment regions of curved girder flanges
in order to avoid possible debonding ofthe deck.

7.2 l-Girders

7.2.1 Strength. The proposed Equation (7-1) deflnes the

minimum number of shear connectors required for strength
between the point of maximum positive live-load moment
and the adjacent end of the girder. The maximum point of
live-loadmoment is used because it is easier to locate than the

maximum of the sum of the dead- and live-load moments act-

ing on the composite section and because the live-load
moment applies directly to the composite section. The pitch
of the shear connectors should be uniform in this region. To
satisfy equilibrium, the force, P, in the slab at the point of
maximum liveload moment should be computed according
to the proposed Equation (7-2) as the vector sum of the lon-
gitudinal and radial components of the slab force, Equation
(7-2) supplants a more complex empirical approach given in
the current Guide Spec for designing the shea¡ connectors for
strength. The longitudinal slab force is computed as the
smaller of the longitudinal forces in the girder and the deck
computed from proposed Equations (7-3) and (7-4), respec-

tively. The deck force given by Equation (7-4) is computed
by using the full effective width of the concrete defined in
Article 4.5.2. The resulting longitudinal force is conserva-
tively assumed to be constant over the entire arc length within
this region. The radial force in the slab for this region is com-
puted from the proposed Equation (7-5), which is simply
taken as the radial component of the longitudinal force.

The minimum number of shear connectors required for
strength between the point of maximum positive live-load
moment and adjacent points of greatest negative live-load
moment is also given by Equation (7-1). In this case, the
longitudinal slab force that should be used in determining
the resultant force, P, according to the proposed Equation
(7-6), should be the sum of the critical longitudinal slab
forces at the maximum positive and negative moment loca-
tions. In positive moment regions, the longitudinal forces
on the shear connectors act in one direction. In negative
moment regions, the forces act in the opposite direction. In
areas of stress reversal, which are not well defined, the
shear connectors must resist longitudinal forces acting in
both directions. To ensure adequate capacity for any possi-
ble live-load position, the shear connectors are conserva-
tively designed for the sum of the critical slab forces at the
point of maximum positive live-load moment and at the
point of greatest negative live-load moment according to
the proposed Equation (7-7).
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The critical longitudinal slab force at the point of greatest

negative live-load moment is taken as the smaller of the lon-
gitudinal forces in the girder and the deck given by proposed
Equations (7-8) and (7-9), respectively. In the Standard Spec-

ifications, only the longitudinal reinforcement is considered
in computing the critical longitudinal deck force at this point.
The contribution of the concrete that is effective in tension is
ignored completely. Here, the longitudinal tension force in
the deck is defined in Equation (7-9) as 45 percent of the

specified minimum 28-day compressive strength of the con-
crete multiplied by the full effective concrete width given in
Article 4.5.2 multiplied by the average concrete thickness.
Equation (7-9) is a somewhat conservative approximation to
account for the combined contribution of both the longitudi-
nal reinforcing steel and the concrete that remains effective in
tension based on its modulus of rupture. It was desired to be

conservative in this region to ensure that sufficient shear con-
nectors are provided to resist both the torsional shears, which
develop in the full composite section along the entire span,

and the horizontal shears in curved girder flanges. The radial
force in the slab for this region is computed from the proposed
Equation (7-10).

7.2.2 Fatigue. The required shear connector pitch for
fatigue should be computed according to the provisions of
AASHTO LRFD Article 6.10.7.4.1b. According to the Rec-
ommended Specifications, the required pitch should be com-
puted at all supports and at each cross frame. The horizontal
shear range in the flange, V,,, to be used in determining the
required pitch according to AASHTO LRFD Equation
(6.10.1 .4.Ib-I) should be computed from the proposed Equa-
tion (7-11) in the Recommended Specifications. The resul-
tant horizontal shear range computed from Equation (7-11)

is the vector sum ofthe longitudinal and radial fatigue shear

ranges per unit length of flange.
The longitudinal fatigue shear range is the flexural shear

due to the fatigue truck defined in Article 3.5.7 .L The max-
imum longitudinal fatigue shear range is produced by plac-
ing the fatigue truck immediately to the left and to the right
of the point under consideration. The radial fatigue shear

range results from the effects of curvature, skew and other
conditions that may cause torsion. The maximum radial
fatigue shear range is usually produced by placing the fatigue
truck at the position to produce the greatest positive or neg-
ative veftical bending moment in the girder. Therefore, a vec-
tor addition of the two shear range values is conservative
because the maximum longitudinal and radial shear ranges

are not usually produced by concurrent loads.

Article 4.5.2 of the Recommended Specifications requires
that the uncracked section be used at the fatigue limit state in
both positive and negative moment regions. Some of the pri-
mary reasoning behind this assumption was discussed earlier.
In addition, the horizontal shear force in the deck is consid-
ered to be effective in the analysis. The deck must be posi-
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tively connected to the steel girders to satisfy this assumption.
Therefore, in determining the required pitch of the shear con-
nectors for fatigue, the uncracked section should be used in
determining the shear force ranges along the entire span. The

full effective deck width is also used according to the provi-
sions of Article 4.5.2. Shear connectors are designed for shear

and not moment. As mentioned, the maximum longitudinal
fatigue shear range is produced by placing the fatigue truck
immediately to the left and to the right of the point under con-
sideration. The influence line for moment shows that for the
load in this position, positive moments are produced over
much of the girder length. As a result, the concrete deck is in
compression over much of the girder length for this shear

loading and the use ofthe uncracked section along the entire
span is deemed to be reasonable.

The radial fatigue shear range in the flange due to the
effects of curvature between brace points can be computed
from the proposed Equation (7-12). The force is taken as the
radial component of the maximum longitudinal range of
force in the flange between brace points. The resulting radial
force is then distributed over an assumed effective length of
deck, w, on either side of the cross frame. The effective
length of deck is arbitrarily taken as 48 in., except at simple
supports where the value of w is halved. The proposed Equa-
tion (7-13) is also provided to compute the radial fatigue
shear range in the flange. In this case, the radial shear range
is determined as the net range of radial force in the cross

frame at the top flange divided by the effective length of
flange, w. The larger value from either Equation (7 -I2) or
(7-13) should be used. The two equations yield approximately
the same results when there are no other sources of torsion
besides curvature. When other sources of torsion, such as

skew, start to predominate, Equation (7-13) will typically
govern. These equations are included to ensure that a load
path is provided through the shear connectors to satisfy equi-
Iibrium at a transverse section through the girders, deck, and

cross frames.

7.3 Closed Box and Tub Girders

7 .3 . I General. Shear connectors for top flanges of closed
box and tub girders should be designed for both strength and

fatigue according to the provisions for l-girders discussed
previously, except as detailed below. The shear connectors
for composite bottom flanges of closed box and tub girders
must be sufficient to develop the flexural and torsional shears

used to design both the steel bottom flange and the flange
concrete. The connectors should be distributed uniformly
across the box flanges, as specifled in Article 10.4.3.5. The
shear connectors should also be spaced to help prevent local
buckling of the flange plate when it is in compression after
the deck has hardened.

7.3.3 Fatigue. In computing the required pitch of the
shear connectors on the top flange of a closed box or tub

girder for fatigue, the longitudinal fatigue shear range is to be

computed for the flange over the web subjected to additive
flexural and torsional shears due to the fatigue truck. The
maximum flexural and torsional shears are typically not pro-
duced by concurrent loads. For top flanges of closed box sec-

tions, one-half of the flange width should be considered to be

acting with the critical web. The top flange over the other
web (or the other halfofthe flange for a closed box section)
is to contain an equal number of shear connectors. Because
ofthe conservatism inherent in these requirements, the radial
fatigue stress range given by either Equation (7 -I2) or (7- I 3)
does not need to be included in computing the horizontal
shear range for closed box and tub girders.

8. Bearings

8.1 General

According to the Recommended Specifications, the effects

of support restraint should be recognized in the analysis.

Modeling of the actual support restraints is particularly
important for thermal analyses. When two bearings are used

under a box girder, the two vertical reactions together provide
a resisting torque, which should be comprehended in the

analysis. The horizontal forces that must be transmitted to the

substructure due to the effects of friction within bearing

devices and all other sources should also be considered in the

design of the bearing device and superstructure. The provi-
sions permit the superstructure to be supported either on bear-

ing devices or through direct attachment to the substructure or
pier cap beam as an integral connection.

8.2 Forces

Bearing devices should be designed to transmit vertical
forces and horizontal (both longitudinal and transverse)
forces due to factored design loads and factored construction
loads. Horizontal forces on the bearings are often created by
the lateral and tangential restraints provided to the structure.
Bridge structures, especially curved bridge structures, tend to
move transversely as well as longitudinally. Relatively wide
curved and skewed bridges can undergo significant diagonal
thermal movements that can result in either large transverse

movements or large transverse forces if the movement is

restrained.
At integral pier caps and abutments, girder rotations are

restrained. Thus, adequate shear connection must be pro-
vided between the girders and the substructure to transmit the

shear forces that are developed from the girder to the integral
pier or abutment.

Transverse or longitudinal prestressing ofconcrete decks or
steel girders can significantly affect the vertical reactions

because of the eccentricity of the prestressing forces, which



creates restoring forces. Box girders resting on two bearings

are particularly sensitive to the effects oftransverse prestress-

ing of concrete decks; the vertical reactions are significantly
affected by transverse stressing of the deck.

8.3 Movements

Bearing devices should be designed to accommodate move-

ments due to temperature changes in the superstructure and

to accommodate rotations about the tangential and radial axes

of the girder. Thermal forces due to a uniform temperature

change will not be generated if the bearings are oriented to per-

mit free translation along rays emanating from a single point.

Any other orientation will induce thermal forces into both the

superstructure and substructure. Practical considerations, how-

ever, often do not allow the bearings to be oriented in such a

manner.
Girder rotations can occur about both the tangential and

radial axes, particularly in skewed bridges. Rotation about

the tangential axis of the girder is usually minimal and can

often be ignored in the design of the bearing, unless the

bridge is heavily skewed. Rotations that occur during con-

struction should be considered when determining the design

rotation capacity of the bearing because unanticipated rota-

tions or eccentric loading of the bearings during construction
may lead to premature bearing failure.

8.4 Bearing Replacement

According to the Recommended Speciûcations, a provision
should be made for future jacking of the structure to accom-

modate replacement of the bearings, as directed by the owner.

The owner may feel that a provision for future jacking during

the initial design process is more efficient and cost-effective

than retrofitting the structure at some future time to accom-

modate jacking. The design should ensure that excessive

torsion and uplift is avoided when the súucture is jacked.

9. l-Girders

9.1 General

According to the Recommended Specifications, horizon-
tally curved l-girders can be either welded or rolled shapes.

The webs must be attached at the midwidth of the flanges and

the flanges can be either compact or noncompact.

This article also specif,es recommended minimum flange

proportions, which are not given in the current AASHTO
specifications. Compression-flange widths should not be less

than}.2 times the girder depth and never less than 0.15 times

the girder depth. Flange thicknesses should preferably not be

less than 1.5 times the web thickness. If the compression

flange of the girder is smaller than the tension flange, the min-
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imum flange width may be based on a web depth of 2D"rather
than the girder depth. These proportions are recommended to

help ensure that the web is adequately restrained by the

flanges to control web bend-buckling. These propotlions were

developed based on a study by Zureick and Shih (44) on dou-

bly symmetric straight girders, which clearly showed that

the web buckling capacity was dramatically reduced when

the compression flange buckled prior to the web. Although
Zweick and Shih's study was limited to doubly symmetric
girders, the recommended minimum flange proportions are

considered adequate for reasonably proportioned singly
symmetric l-girders. The advent of composite design led to a

significant reduction in the size of compression flanges in
positive moment regions. These smaller flanges are the most

likely to be governed by the recommended limits. Providing
minimum compression flange widths that satisfy the recom-
mended limit in these regions will help to ensure a more
stable girder that is easier to handle.

9.2 Variable Depth Girders

Variable depth I-girders were not directly considered in
the development of the curved-girder strength equations in
the Guide Spec or in the Recommended Specif,cations. If
only the flexural stiffness of a variable depth I-girder is input
into the analysis, the vertical shear component ofthe inclined
bottom flange force is not computed. As a result, the actual

force (and stress) in the inclined flange is underestimated and

the web shear is overestimated. With the advent of refined
analysis techniques, variable depth l-girders can be modeled

more accurately and the effects of the vertical flange shear

force can be considered.
Therefore, the provisions require the engineer to consider

the vertical component of the force in the inclined bottom
flange of variable depth girders. If the flange inclination is

Iarge, the resultant force along the longitudinal axis of the

flange can become significant. The horizontal component
of the resultant force balances the horizontal force in the top

flange. Although the vertical component of the flange force
reduces the web shear, this benefit is conservatively not
recognized in the provisions.

'Where the inclined flange becomes horizontal, the vertical
shear component in the flange is transferred from the bottom
flange back into the web, which may require additional local
stiffening of the web at that location and which may also

cause an increased stress in the flange-to-web welds (45).The
provisions require that the vertical shear be considered in the

design of the web and the web-to-flange welds at changes in
the inclination of the bottom flange.

9.3 Cross Frames and Diaphragms

9.3.1 General. Cross frames and diaphragms often trans-

fer signifrcant loads in horizontally curved I-girder bridges.
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Thus, cross frames and diaphragms in curved I-girder bridges
should be considered primary members, should contain both
top and bottom chords, and should be as close as practical to
full-depth of the girders. Eccentricities between the cross

frame or diaphragm and the girder flanges are to be recog-
nized in both the analysis and the design. A provision must be

made to transfer the net horizontal force in the cross frame or
diaphragm to the girder flanges through the connection plates.

The effective length factor, K for cross frame members in
compression should be 1,0 for single-angle members and 0,9

for all other types of members. Article 10.54.1.2 of the Stan-

dard Specifications currently specifies a K factor of 0.75 for
compression members with bolted or welded end connections
that are laterally supported in both directions at their ends.

Bracing members are different from typical compression
members in that their ends are likely to translate and rotate
with respect to each other causing an increase in K. Single
angles, in particular, are loaded through one leg and are sub-
ject to eccentricity and twist, which is typically not recog-
nized in the design. The most realistic tests available on the

behavior of single-angle members have been transmission
tower tests. The results of these tests are in an ASCE manual
(46),which covers the design of these structures. This docu-
ment contains a complex approach for determining the Kfac-
tor for single-angle members. A K value of 1.0 was deemed

to be a reasonable conservative approximation ofthe effective
length factor calculated for these members by using the more
complex procedures. For other types of members that have a
more predictable behavior, a K value of 0.9 is recommended
in the provisions, Bracing members in compression should be

designed according to the load factor design provisions of
Article 10.54 of the Standard Specifications. Bracing mem-
bers in tension should be designed according to the provisions
of Article 10.18.4 of the Standard Specifications by using the
effective net area defined in Article 10.9.

Solid-plate diaphragms with span-to-depth ratios greater
than 4 can be designed by using the elementary beam theory.
According to the ACI Code for reinforced concrete mem-
bers, beams deeper than one-fourth of their length must be

designed as deep beams. In deep beams, shear deformations
must be considered. Finite-element studies have confirmed
that shear deformations are important for diaphragms with a

depth greater than one-fourth of the span. Thus, the Recom-
mended Speciflcations require shear deformations to be con-
sidered when the span-to-depth ratio of a diaphragm is equal
to 4 or less.

9.3.2 Arrangement. IrÍermediate cross frames or dia-
phragms in curved bridges should be spaced as nearly uni-
form as possible to ensure that the flange strength equations
given in Section 5 of the Recommended Specifications are

appropriate. The research that led to the development of
these equations assumed a uniform spacing of cross frames.
Intermediate cross frames or diaphragms should also be

spaced to control lateral flange bending stresses and to pro-

vide stability to the girder. Equation (C9-1) is provided in the
commentary to this article to assist in determining a prelim-
inary cross frame or diaphragm spacing to limit lateral flange
bending stresses to a desired level. The spacing of inter-
mediate cross frames or diaphragms should not exceed 30 ft.
This limit is reduced to 25 ft for bridges where the effects of
curvature can be neglected in determining the vertical bend-
ing moments, according to Article 4.2 of the Recommended
Specifications. The preceding requirement ensures that the
maximum spacing does not exceed the maximum spacing
limit of 25 ft specified for tangent bridges in the Standard
Specifications.

For bridges with radial supports, the intermediate cross

frames should preferably be placed in contiguous radial lines.
V/hen the supports are skewed not more than 20 deg from
radial, the intermediate cross frames or diaphragms may be

placed in contiguous skewed lines parallel to the skewed sup-
ports, which is consistent with Article 10.20. 1 of the Standard
Specifications. When cross frames or diaphragms are skewed,
the connection plates should preferably be oriented in the
plane of the cross frame or diaphragm to prevent undue dis-
tortion of the connection plate. When the supports are skewed
more than 20 deg from radial, the intermediate cross frames
or diaphragms may be placed in radially staggered patterns.
Skewed cross frames become more difficult to fabricate when
the angle from radial exceeds 20 deg. lVelding of skewed con-
nection plates becomes more difficult at locations where the
plate forms an acute angle with the girder. As the skew angle
increases, the components of the cross frame forces tangent to
the girder also become more significant. The use of staggered

cross frames generally results in lower cross frame forces than
if a contiguous arrangement is used. There is, however, a con-
comitant increase in the lateral bending of the lirder flanges
with the use of staggered cross frames. The determination of
the resulting lateral flange bending moments must be exam-
ined with a refined analysis in this case. The lateral flange
bending moment that is determined from the approximate
Equation (4-1) in Article 4.2.1 of the Recommended Specifi-
cations reflects only curvature effects on flanges suppofted by
uniformly spaced braces arranged in a contiguous pattern.

At the ends of the bridge, cross frames or diaphragms
should be provided to support the deck and expansion devices.

Along skewed interior support lines, cross frames or dia-
phragms need not be used, which differs from the provisions
in the cur:rent Guide Spec. The Guide Spec requires contigu-
ous rows of diaphragms or cross frames because the analysis
tools available at that time were based on that assumption.
Large skews were not properly treated at the time. Allowing
the elimination of a row of cross frames along an interior
skewed support line is a reflection of modern practice and sim-
plifies detailing because radial cross frames will not have to
intersect the skewed row. Although cross frames are not pres-
ent along the support line, cross frames or diaphragms are

required to transfer radial forces from the superstructure to
bearings that are provided with radial restraint.



9.3.3 Load Effects. As primary members in horizontally
curved I-girder bridges, cross frames and diaphragms should
be designed for the load effects due to the factored loads as

determined from an appropriate analysis on the system
behavior of the bridge. For bridges where the effects of cur-
vature can be neglected in determining the vertical bending
moments, according to the provisions of Article 4.2 of the
Recommended Specifications, the cross frame or diaphragm
forces can be estimated from a Vload analysis of the bridge
or by other rational means.

The provisions also state that an effective length, w, of
hardened concrete deck defined in Article 7 .2.2 may be con-
sidered to act compositely with the cross frame or diaphragm
for loads applied after the deck hardens. As discussed previ-
ously, w is arbitrarily specified as 48 in., except at simple
supports where w is 24 in. To satisfy equilibrium, the entire
transverse section, including the deck and cross frame, acts

together to transfer the loads between composite girders. The
composite action of the deck increases the effective depth of
the cross frame and, therefore, its effective stiffness. In
curved bridges without skewed supports, large transverse
shear forces between the deck and steel girder (that are trans-
ferred through the shear connectors) do not typically occur.
When the skew is large, however, the transverse shears may
become signif,cant and both the transverse reinforcing and

shear connectors should be checked for this additional force.

9.4 Flange Lateral Bracing

Bottom flange bracing creates a pseudo-closed section
formed by the I-gfuders, bracing, and hardened concrete deck.

When the bracing is added, cross frame forces tend to increase

because the cross frames act to retain the shape ofthe pseudo-

closed section. The bending moments in the girders are also

affected because the outside girder moment and deflection are

reduced, while the moment and deflection in the adjacent inte-
rior girder are rypically increased with the addition of bottom
flange bracing. A refined analysis must be used to recognize
these effects. The bracing members carry significant forces
and must be designed as primary members for the load effects
determined from the analysis. The bracing is preferably placed
in the plane of the girder flanges.

In cases where the curvature ofthe bridge is very sharp and

the use oftemporary shoring is notpractical, use both top and

bottom flange lateral bracing to provide greater stability to
curved I-girder pairs during construction. When both top and

bottom flange bracing is provided in this manner, it is not
necessary to provide the bracing over the entire girder length.

9,5 Permanent Deflection

To control permanent deflections, Article 10.57 of the
AASHTO Standard Specifications limits flange stresses

under D + 513(L+ 1,) (overload) to 0.95F" and 0.80F, at com-
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posite and noncomposite sections, respectively. The live load
is assumed to be placed in all design lanes in this check in the
Standard Specifications. These limits are based on the results
of the AASHO Road Test (32), in which permanent sets in
composite and noncomposite bridges were measured after
several hundred thousand passages of a single lane of heavy
vehicles.

In the Recommended Speciflcations, average flange stresses

in I-girders under overload are subject to the same limits.
Unlike the current Guide Spec, lateral flange bending stresses

at brace points are not included in this check because these

stresses occur over only a small portion of the flange and

should not signif,cantly contribute to the permanent set. How-
ever, for partially braced compression flanges, the average

flange stress at overload is limited to the critical flange stress

for noncompact flanges given by the proposed Equation (5-8)

in Article 5.2.2 to prevent the possibility of lateral buckling
of the partially braced flange at overload. Also, the over-
load stress in other primary steel members is limited to the

specified minimum yield stress of the member.
Because these checks fall under the serviceability limit state,

the Recommended Specifications state that the uncracked
section should be used to compute the bending stresses in
composite sections. When the uncracked section is used in
negative moment regions, the neutral axis is typically nearer
to the tension flange causing more than half of the web to be

in compression and increasing the possibility of web bend-
buckling. Therefore, the Recommended Specifications also
limit the maximum longitudinal compressive stress in the

web at overload to the web bend-buckling stress according to
the provisions of Article 6.

9.6 Fatigue

According to the Recommended Specif,cations, base metal
and details subjected to a net tensile stress under dead load
plus two times the fatigue truck are to be designed for fatigue.
The provisions of AASHTO LRFD Article 6.6.1 should
apply, except as modif,ed in Articles 2.3 and 3.5.7 of the Rec-
ommended Specifications. The uncracked section should be

used to compute bending stresses in composite girders due to
the fatigue loading for reasons discussed previously. At points

where attachments are welded to I-girder flanges, such as

cross frame connection plates and possibly gusset plates for
lateral bracing, the flange must be checked for the average

stress range plus the lateral flange bending stress range at the

critical transverse location on the flange. Flange-to-web
welds, obviously, need only be checked for the average stress

range because the welds are near the midwidth of the flange.
Flange butt welds need to be checked for lateral bending in
addition to the average stress range.

Distortion-induced fatigue resulting from through-thick-
ness bending at the termination of cross frame connection
plate welds to the web is controlled by rigidly attaching the

connection plate to both flanges and designing the connection
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to transfer the net horizontal cross frame force from the con-
nection plate to the flanges. At connections of cross frames,

diaphragms, and lateral bracing, the stress range in the mem-

ber due to the axial force plus any bending moments induced

by eccentricities in the connection is to be checked.

10. Closed Box and Tub Girders

l0.l General

Closed box and tub girders provide a more efficient cross

section for resisting torsion than I-girders. As such, box gird-
ers are particularly advantageous for curved structures because

of the high torsional resistance and their ability to resist the

applied torsion, often without the extensive use of diaphragms

between the girders and without the creation of significant lon-
gitudinal warping stresses. Box girders provide a continuous

unintemrpted exterior surface, which is easier to paint and

maintain and less susceptible to corrosion. The increased tor-
sional resistance of a closed composite steel box girder also

results in an improved lateral distribution of loads in much
the same manner as when bottom flange bracing is used in
conjunction with l-girders.

For curved structures, warping or lateral flange bending

stresses are lower in box girders once the section is closed

because the warping torsional stiffness of a closed box girder
is much smaller than the warping torsional stiffness of an

I-girder. Distortional warping stresses can occur in box gird-
ers; however, these stresses can be controlled with interior
cross frames spaced to reduce the distortion. Overall, less

material needs to be added to box girders to resist torsional
effects. Erection costs for box girders may be less than for
I-girders because erection of one box in a single lift is equiv-
alent to placement and connection of two I-girders, which
may require additional bracing or temporary supports to con-

trol stresses and deflections. Box girders are also inherently
more stable during erection, which makes them easier to erect

under difficult conditions.
In the Standard Specifications, Article 10.51 applies rather

restrictive cross-sectional limitations to tangent box-girder
bridges, including the limitation that two or more single-cell

boxes must be provided. These limitations resulted from
research that developed the empirically based formula for live-
load distribution for bending moment in tangent multiple-box
sections given in Article 10.39.2 (47). For tangent multiple-
box sections falling within these limitations, torsional effects

are ignored. Because the Recommended Specifications require

a rational analysis of an entire curved supersíucture that com-
prehends torsional effects, the use oflive-load distribution fac-

tors is not required and similar cross-sectional limitations need

not be applied. As a result, greater flexibility is provided in
developing more economical cross-sectional conûgurations.
For example, the use of single, or widely spaced, box girders,

which are often found to be very economical structures, is

implicitly permitted by the provisions.

Webs of closed box and tub girders should be designed

according to the provisions of Article 6 of the Recommended

Specifications. At all limit states, the web shear should be

the sum of the flexural and torsional shears. Because cross-

sectional distortion is limited by the use of interior cross

frames or diaphragms, torsion is mainly resisted by St. Venant

torsional shear flow. In a single box section, the total shear in
one web is greater than the total shear in the other web because

the St. Venant torsional shears are of opposite sign in the two
webs. As a practical matter, both webs should be designed for
the critical shear. Although shear and longitudinal stresses in
the section due to warping are not zero, these effects are quite

small and can be ignored in the design of the webs.

The use of inclined webs reduces the width of the bottom
flange to provide for greater efficiency. The inclination of the
webs relative to a plane normal to the bottom flange is not to
exceed I to 4. For inclined webs, the web must be designed
for the component of the vertical shear force in the plane of
the web. When the deck is super-elevated, it is preferable to
rotate the entire cross section into the super-elevated position
to match the deck slope to simplify the fabrication by main-
taining symmetry of the girder sections. When box webs are

inclined, a transverse force is induced into the flanges equal
to the shear in the web times the sine of the angle the web
makes with an angle perpendicular to the flange. The change
in this transverse force plus the change in the St. Venant tor-
sional shear per unit length along the girder act as a uni-
formly distributed transverse load on the girder flanges and
should be considered.

On tub girders, top flanges should be braced with lateral
bracing that is capable ofresisting the torsional shear flow that
exists prior to hardening of the deck. According to the Rec-
ommended Specifications, top flanges of tub girders shouldbe
designed at the constructibility limit state, according to the
provisions of Article 5, Flanges with One Web, for the fac-
tored dead and construction loads prior to hardening of the
deck. The panel length ofthe top flanges should be defined as

the distance between interior cross frames or diaphragms. Top
flange bracing attached at points other than where cross

frames or diaphragms exist is not considered to be an effec-
tive brace for the top flange because this connection does not
adequately restrain deflection of the flange.

10.2 Framing

10.2.1 Bearings. The bearing arrangement dictates how
the torsion is to be resisted at the supports ofclosed box and

tub girders. In multiple-box sections, when the boxes are

each supported on single bearings, the torque is typically
removed from each box through diaphragms between the

boxes. Two bearings under each box provide a couple to
resist the torque in the box. Double bearings can be located



between the box webs or outboard of the box if uplift is a
problem. Integral steel or concrete cap beams have been used
with box girders in lieu of bearings.

10.2.2 Internal Bracíng and Diaphragms. 10.2.2.1 Gen-
eral. The provisions of Articles 9.3 and 9.4 for the design of
cross frames, diaphragms, and flange bracing for l-girders
should be used to design these elements for the interior of
closed box and tub girders, except as modified in Article
10.2.2. A minimum of two bolts should be used in each
connection of the bracing members.

10.2.2.2 Internal Diaphragms at Supports. An internal
diaphragm is required inside box girders at each support. The
connection of the diaphragm to the box must be adequate to
transmit the computed bending and torsional shears between
the diaphragm and the box. Support diaphragms are subject
to bending stress and torsional shear stress. Therefore, the
principal stresses in the diaphragm must be computed and
should not exceed the critical stress given by the proposed
Equation (10-2), which is based on the von Mises yield cri-
terion for combined normal and shear stress and is discussed
in more detail later.

The diaphragms may be made of steel or concrete. The
potential use of concrete diaphragms is currently not recog-
nized by AASHTO. The design of concrete diaphragms has
been performed in the past, but as of this writing, it is
believed that box-girder bridges using concrete diaphragms
have not been constructed in the United States. The dia-
phragms should preferably bear against the bottom flange,
unless composite box flanges are used (discussed later); in
which case, the diaphragms should preferably permit the
concrete to be contiguous through the diaphragm for a dis-
tance not less than one-half the bottom flange width. When
access holes are provided in the diaphragm, a refined analy-
sis of the diaphragm is desirable because of the complex
stress state around the hole. Finally, as discussed previously,
thermal movements of the bridge may cause the diaphragm
to be eccentric to the reaction at the bearing. This eccentric-
ity should be considered when designing the diaphragm and
the bearing stiffeners.

10.2.2.3 Intermediate Internal Bracing. Tests have shown
that the cross section of steel box girders distorts when sub-
jected to torsional loads (48). The distortion ofthe box cross
sections results in transverse bending stresses in box flanges
and webs due to changes in the direction of the shear flow
vector in addition to longitudinal warping stresses resulting
from the resistance to out-of-plane warping of the section.
The transverse bending stiffness of the flanges and webs
alone is not sufficient to retain the shape of the box. There-
fore, intermediate internal bracing consisting of cross frames
or diaphragms is necessary to maintain the box shape and to
reduce the transverse bending and longitudinal warping
stresses in the box girder. Intermediate internal bracing also
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helps to control lateral flange bending stresses in the top
flanges of tub girders prior to hardening of the deck.

In the Recommended Specifications, the spacing of the

internal bracing is determined so that the total longitudinal
warping stress in the box (caused by both torsion and distor-
tion) does not exceed 10 percent ofthe longitudinal stress due

to vertical bending at the strength limit state. The spacing,
therefore, is not to exceed 30 ft. By limiting the longitudinal
warping stress to 10 percent of the longitudinal stress due to
vertical bending, warping does not need to be considered in
the design of the flanges at the strength limit state. Also, the

full torsional stiffness of the box is adequate to permit classi-
cal strength of materials assumptions to be used to compute
the distribution of loads within the box. The transverse bend-
ing stresses and longitudinal warping stresses in the box
flanges and web must be computed by a rational approach that
considers the reduction in torsional stiffness due to the dis-
tortion of the box cross section. The beam-on-elastic founda-
tion (BEF) approach (49,50) is most commonly used. The use

of f,nite-element analysis is quite problematic for determin-
ing through-thickness transverse bending stresses. Transverse
stiffeners that are attached to the web or box flange are effec-
tive in resisting the transverse bending. The transverse bend-
ing stresses are not to exceed 20 ksi at the strength limit state,

which is a limit retained from the Guide Spec. The engineer
should be aware that through-thickness transverse bending
stresses resulting from cross-sectional distortion must also be

considered in checking flange-to-web fillet welds on box gird-
ers for fatigue according to Article 10.6. 1. Longitudinal warp-
ing stresses also must be considered when checking fatigue.
Therefore, a rational analysis to determine these stresses

should also be conducted for checking the fatigue limit state.

As part of the internal bracing, transverse bracing members
are required across the bottom and top ofthe box or tub at inter-
nal cross frame locations to assist in retaining the shape of the

box. The cross-sectional area and stiffness of these members
should not be smaller than the area and stiffness of the diago-
nal members. The transverse bracing member must be attached

to box flanges (top or bottom) to better control the transverse

distortion ofthe flange, unless longitudinal flange stiffeners are

used or the flange is composite. Iflongitudinal flange stiffeners
are used, the transverse member must be attached to the stiff-
ener(s) by bolting to ensure that fatigue cracks do not origi-
nate at the discontinued fillet welds. Reasonable estimates of
stresses at this detail are difficult to predict accurately. If the

bottom flange is composite, the transverse bracing member is
to be located above the concrete.

10.2.3 External Bracing. External cross frames or dia-
phragms are required between curved boxes at end supports
to resist torsion and twist. Diaphragms do not need to be con-
tinuous through the box webs. At internal supports and at

intermediate locations between supports, external cross

frames or diaphragms can also be used. At all external brace
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locations, there must be opposing bracing placed on the
inside of the box to receive the forces.

At locations other than suppofi points, permanent external
bracing is usually unnecessary. ff an analysis indicates that the

boxes will twist excessively when the deck is cast, temporary
extemal bracing may be desirable. The effects of removal of
the temporary bracing, however, should be considered. These

effects include an increase in the deck stresses.

If the span-to-depth ratio of an external diaphragm is less

than or equal to 4.0, the principal stresses in the diaphragm
should be computed and should not be less than the critical
stress given by the proposed Equation (I0-2), which is
discussed later.

10.2.4 Brqcing of Tub Flanges. Top flange bracing
internal to tub girders must be provided to help control twist
and distortion. A Warren-type configuration is preferred for
the bracing. The bracing must have adequate capacity to
resist the St. Venant torsional shear flow in the noncom-
posite section at the constructibility limit state. Once the
concrete deck hardens, the bracing is less effective because
the deck usually has a much greater shear stiffness.

The bracing should preferably be connected to the top
flanges or located as close as practical to the plane of the top
flanges with provision made to transfer the bracing forces to
the flanges. The bracing should also be continuous across
field splice locations. The torsional analysis of a noncom-
posite tub girder should recognize the true location of the
bracing in computing the enclosed area of the box section.

10.2.5 Access Holes. Outside access holes in box sec-
tions should preferably be located in the bottom flange in
areas of low stress. The flange at access holes should be rein-
forced as necessary. Covers or screens should be provided
over outside access holes to prevent entry by birds, animals,
and unauthorized persons.

I 0.3 Stress Determinations

10.3.1 General. The longitudinal stresses in box flanges
can be assumed to be uniform across the flange for the
strength, serviceability, and constructibility limit states be-

cause the flange warping stress is limited to 10 percent of the
vertical bending stress at the strength limit state, according to
the provisions of Article 10.2.2.3. Longitudinal warping
stresses must be considered, however, at the fatigue limit state

as presently required in the Guide Spec. Shear due to vertical
bending and torsion should be considered at all limit states.

For box flanges (in tension or compression) wider than
one-fifth of the distance between points of contraflexure or
between a simple support and a point of contraflexure,
shear lag should be considered. The Standard Specifica-
tions currently require that shear lag only be considered for
tension flanges of box girders. Box flanges in compression
are susceptible to the effects of shear lag as well.

10.3.2 Variable Depth Girders. Variable depth box and

tub girders are permitted by the Recommended Specifica-
tions. As discussed earlier for variable depth l-girders (Arti-
cle 9.2), the provisions require the engineer to consider the
vertical component of the force in the inclined bottom flange
ofvariable depth girders. The force induced into the web and

the flange-to-web welds at changes in the inclination of the
flange should also be considered. The inclination ofthe webs
should remain constant, which requires that the width of
the bottom flange vary along the length, that the distance
between the webs at the top of the box or tub be kept con-
stant, and that the web heights be kept equal to simplify the
fabrication and the analysis.

10.4 Strength of Box Flanges

10.4.1 General. This article deflnes the critical stress for
noncomposite and composite box flanges. A box flange is a
flange that is connected to two webs. A box flange can be
either a flat unstiffened plate, a flat stiffened plate, or a flat
plate with reinforced concrete attached to the plate by shear

connectors. A closed box girder has a box flange on the top
and the bottom ofthe section. A tub girder has a box flange
on the bottom of the section only. According to the Recom-
mended Specif,cations, the computed average longitudinal
stress in a box flange should not exceed the critical stress

defined in this article, unless shear lag is considered, in which
case the longitudinal stress at the webs should not exceed the
critical stress.

10.4.2 Noncomposite Box Flanges. 10.4.2.1 General.
Noncomposite top flanges of closed box sections should be

designed for the weight of the fresh deck concrete and any
other temporary or permanent loads placed on the flange by
assuming that the flange acts as a simple span between the
two webs. The maximum vertical deflection of noncompos-
ite top or bottom box flanges under self-weight and applied
permanent loads should not exceed tÁeo of the span. This limit,
which has its origins in building construction in an attempt
to keep plaster from cracking, is specified in these provisions
to minimize the distortional strains in the flange for both aes-

thetic and structural reasons. At the constructibility limit
state, it is also specified that the transverse through-thickness
bending stress in noncomposite box flanges not exceed
20 ksi, which is a limit retained from Article 1.21(B) of the
Guide Spec. To satisfy these deflection and stress limits,
transverse and/or longitudinal stiffening of the box flange
may be required.

At support diaphragms, a width of the box flange equal to
18 times its thickness can be considered to be effective with
the diaphragm. This requirement is similar to the provision
for the width of web or diaphragm that can be considered to
be effective with bearing stiffeners. Box flanges at interior
supports are subject to a biaxial stress due to vertical bend-
ing in the girder and vertical bending in the diaphragm over



the bearing sole plate. Torsional shear is also present and its
effect must be considered. Therefore, the provisions require
that the calculated principal stress in the box flange due to
vertical bending in the girder and diaphragm plus the tor-
sional shear not exceed the critical flange stress given by
Equation (10-2) at the strength limit state.

10.4.2.2 Shear. The effects of torsional shear must be

considered in the design ofbox flanges for curved box girders
or for box girders with skewed supports when torsional shear

stresses are large. The St. Venant torsional shear flow in the box
can be calculated from the torque using the classical Equation
(C10-1) for torsion of thin-walled cross sections given in the
commentary to this article in the Recommended Specifications.
This equation assumes that cross-sectional deformations are

limited by the provision of sufficient numbers of internal cross

frames or diaphragms along the span. The torsional shear force
computed from the shear flow should be combined with the
shear force due to bending. The critical shear stress, F", for a

noncomposite box flange is given by the proposed Equation
(10-1). In the Guide Spec, a critical shear stress equal to the
shear yield stress, or r, f "13 ispermitted. At this level of shear

stress, however, there is also a significant reduction in the
permitted average longitudinal flange stress. To prevent this
reduction and also simplify the provisions, the critical shear

stress is limited to 0.75F, f ^13 in the Recommended Specifi-
cations. Such a level oftorsional shear stress is rarely, ifever,
encountered in practical box-girder designs.

10.4.2.3 Tension Flanges. The critical stress for non-
composite box flanges subject to tension is given by Equa-
tion (10-2) in the Recommended Specifications, which is the
same equation given in the load factor design portion of the
Guide Spec. Because instability or buckling is not a concern
for tension flanges, the critical stress can be determined on
the basis of yielding. Also, because the span length is typi-
cally large with respect to the width of the flange, it can be

assumed that the shear and normal stresses are reasonably
uniform across the width of the flange. Under combined uni-
form shear and normal stress, the von Mises yield criterion
can be used to determine the stress combination required to
cause first yield in the flange and is the basis for Equation
(I0-2). The effects of residual stress are ignored due to the
fact that strain hardening can occur.

10.4.2.4 Compression Flanges. 10.4.2.4.1 Unstiffened
flanges. The critical compressive stress specified for non-

composite curved box flanges in the Recommended Specifi-
cations is identical to the critical compressive stress specified

for noncomposite tangent box flanges in the Standard Speci-

fications, except that the effect of the St. Venant torsional
shear stress is included for curved flanges. In fact, the equa-

tions specified for curved compression flanges in the Recom-

mended Specifications converge to the equations specified for
tangent compression flanges in the Standard Specifications as
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the torsional shear stress goes to zero. The equations given for
unstiffened compression flanges in the Recommended Spec-

ifications are identical to the equations given for unstiffened
compression flanges in the load factor design portion of the

Guide Spec, except that the normal and shear stresses are in
units of ksi rather than psi.

As for tangent box flanges in the Standard Specifications
(where the effects of torsion are ignored), the critical com-
pressive stress for curved box flanges is defined for three dis-
tinct regions based on the slenderness, b¡lE, of the plate. For
unstiffened flanges, å¡ is the full flange width between webs

and ç is the flange thickness. For the most slender plates, elas-

tic buckling represented by the classical Euler hyperbola gov-
erns the behavior. For flanges under combined normal and

torsional shear stress, a nonlinear interaction curve is used to
derive the critical flange stress in this region. The interaction
curve relates the theoretical elastic Euler buckling equations
for an infinitely long plate under a uniform normal stress and

under shear stress (4). The critical longitudinal flange stress

resulting from this interaction curve is given by the proposed
Equation (10-8). For stocky plates, full yielding ofthe plate,
as defined by the von Mises yield criterion for combined nor-
mal and shear stress, can be achieved. The critical compres-
sive stress for plates in this region is given by the proposed
Equation (i0-4). In between these two regions is a transition
region that reflects the fact that partial yielding due îo resid-
ual stresses and initial imperfections does not permit the
attainment of the elastic buckling stress. As in the Standard
Specifications and the Guide Spec, the critical flange com-
pressive stress in this region is arbitrarily defined by a sine

curve. This curve is given by the proposed Equation (10-6) in
the Recommended Specifications. In the derivation of Equa-
tion (10-6), a residual stress level of 0.4F, is assumed (4).The
plate-buckling coefficient, ft, for uniform normal stress is 4.0
and the plate-buckling coefficient, k", for shear stress is 5.34
for unstiffened flanges in these equations. These buckling
coefficients assume simply supported boundary conditions at

the edges of the flanges (40).

As mentioned previously, the equation to use depends on
the slenderness ofthe flange. The limiting flange slenderness

defining whether to use Equation (10-4) or (10-6) is based on
the factor, R1, given by Equation (10-5). nrlJ4 is defined
as 0.6 times the flange slenderness where the critical elastic
buckling stress given by Equation (10-8) equals the critical
stress for yielding under combined normal and shear stress,

as given by Equation (10-4). The limiting slenderness def,n-
ing whether to use Equation (10-6) or (10-8) is based on the
factor, R2, given by Equation (10-7). nrlJ4 is the flange
slenderness where the critical elastic buckling stress given by
Equation (10-8) equals the critical stress for yielding under
combined normal and shear stress given by Equation (10-4)

minus the assumed residual stress level of O.4Fr.

10.4.2.4.2 Longitudinally stiffened flanges. As a non-
composite unstiffened box flange in compression becomes
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wider, the critical flange stress decreases to a level that soon

becomes impractical. At some point, it is beneficial to add

longitudinal flange stiffeners. The critical compressive stress

for a noncomposite longitudinally stiffened curved box flange
is given by the same basic equations discussed previously for
unstiffened flanges. However, the spacing between the longi-
fudinal stiffeners, å,, must be substituted for the flange width
between webs, b¡, in the equations. Different plate-buckling
coefficients, k and k", must also be used in the equations. The
plate-buckling coefficient for shear stress, k, for a longitu-
dinally stiffened flange is given by the proposed Equation
(I0-9) (4). The plate-buckling coefficient for uniform normal
stress, È, is related to the stiffness ofthe longitudinal stiffen-
ers as deflned by the proposed Equation (10-10) and can take
any value between 2 and 4. If the longitudinal stiffeners are

very rigid, nodes are formed at the longitudinal stiffeners and

fr will be at or near a value of 4. Less rigid stiffeners will yield
a lower value of k and a corresponding lower value of the crit-
ical flange stress. By recognizing this phenomenon, the engi-
neer is able to match the stiffener size to the required buck-
ling stress rather than always providing the largest stiffener(s)
required to obtain akvalue of 4.

Equation (10-10) is an approximation of the theoretical solu-
tion for the minimum required buckling coefficient, k, which
will ensure that the longitudinal stiffeners on a simply sup-

ported flange plate under uniform compression will remain
straight when the plate buckles (40). This solution assumes that
the plate and stiffeners are infinitely long and ignores the effect
of any transverse bracing or stiffening. As a result, when the

number of stiffeners exceeds two, the moment of inertia of
the stiffeners required to achieve the desired À value according
to the approximate Equation (10-10) increases dramatically so

as to become nearly impractical. Therefore, the provisions state

that the number of longitudinal flange stiffeners should prefer-

ably not exceed two. Current AASHTO specifications permit
up to five longitudinal stiffeners to be used in conjunction with
Equation (10-10).

In new designs where an exceptionally wide box flange is
required, it could become necessary to provide more than two
longitudinal flange stiffeners. There have also been bridges
constructed with more than two longitudinal stiffeners. Load
factor rating of these bridges becomes problematic if Equation
(10-10) is employed because the longitudinal stiffeners are

not likely to provide enough moment of inertia to satisfy the
requirement. Thus, the commentary to this article suggests that
transverse flange stiffeners be added in this case to reduce the

required size of the longitudinal flange stiffeners to a more
practical value. Article 10.39.4.4 of the Standard Specifica-
tions gives provisions for the allowable stress design of box
flanges that are stiffened both transversely and longitudinally.
These provisions are presented in an allowable stress design
format and do not recognize the effect of the torsional shear.

The provisions can be modified for application to curved box
flanges designed according to the Recommended Specifica-
tions by modifying the equations to include the torsional shear

and by dividing out the factor of safety to cast the equations in
a load factor design format. Usually, the torsional shear is
insignificant and can be ignored. It was decided not to perform
these modifications and include these provisions in the Rec-
ommended Specifications because of their relative complexity
and because the need for more than two longitudinal stiffeners
on a box flange is rare.

If transverse flange stiffeners are to be added to reduce the
size of the longitudinal flange stiffeners, the spacing of the
transverse stiffeners should not exceed 3 times the width of
the box flange in order for the transverse stiffeners to be

effective. The bottom strut of the transverse interior bracing
can be considered to act as a transverse stiffener if the strut
satisfies the transverse stiffening requirements of Article
10.2.2.3 of the Recommended Specifications and if the stiff-
ness of the strut satisfies Equation (10-81) in the Standard
Specifications. The required moment of inertia of the longi-
tudinal stiffeners in this case, given by Equation (10-80)
in the Standard Specifications, is equivalent to Equation
(i0-10) of the Recommended Specifications when the
number of stiffeners, n, is equal to I and k is equal to 4.

The Recommended Specifications require transverse
stiffening of the flange at the point of maximum compres-
sive flexural stress in the flange (regardless of the number
oflongitudinal stiffeners) in order to provide support to the
longitudinal stiffener(s). When only one or two longitudi-
nal flange stiffeners are provided, the proportions of the
transverse stiffening need only satisfy the requirements of
Article 10.2.2.3.

Longitudinal flange stiffeners must be equally spaced and

must have the same yield stress as the flange to which the
stiffeners are attached. The stiffeners should be included
when computing the section properties of the box or tub
girder. The stiffeners are best terminated at ûeld splice loca-
tions at the free edge of the flange where the flange stress is
zero. To accomplish this successfully, the splice plates must
be split to allow the stiffener to be taken to the free edge of
the flange where the vertical bending stress is zero. Other-
wise, if the stiffener must be terminated in a region subject
to a net tensile stress, then the base metal at the termination
of the stiffener-to-flange weld must be checked for fatigue
according to the terminus detail.

10.4.3 Composite Box Flønges. I0.4.3.I General. This
article covers the design of composite box flanges, which are

defined as box flanges composed of steel with concrete attached
to the steel by the use of shear connectors that are designed for
flexural and torsional shear. Composite box flanges can be

either the top flange of a closed box girder or the bottom flange
of a tub or closed box girder. The concrete contributes to
the section properties of the box and stiffens the compression
flange allowing for the use of thinner steel plate.

The design of composite box flanges is currently not cov-
ered in the Guide Spec or the Standard Specifications. Top
composite box flanges are rare in the United States because the
cost of meeting the necessary safety requirements to work



inside closed box sections has been prohibitive. A bridge with
a bottom composite box flange was built in Toronto several
years ago. Recently, some box-girder bridges in Colorado
were designed with bottom composite box flanges, but these
bridges were not constructed. Even though the use of com-
posite box flanges has been limited, it was felt that this concept
could be economically viable in certain situations; therefore,
provisions were included in the Recommended Specifications
to permit its use and to ensure the proper design ofthe flanges.

In the design of a composite box flange, torsion and tor-
sional shear stresses should be computed using the uncracked
section at all limit states. Flexural and shear forces should be
proportioned to the steel and concrete by using the appropriate
section properties. Creep should be conservatively ignored in
determining the dead- and live-load flexural and shear stresses

in the concrete but should be considered when checking the
flexural compressive stresses in the steel. For all loads applied
to the flange prior to the hardening ofthe concrete, the flange
should be designed as a noncomposite box flange according to
the provisions of Article 10.4.2.

10.4.3.2 Tension Flanges. Longitudinal tensile stresses in
the steel should be computed by using the uncracked section
at the fatigue, constructibility, and serviceability limit states.

At the strength limit state, the tensile stresses in the steel
should be computed by using the cracked section. The com-
puted tensile stresses should not exceed the critical longitudi-
nal flange stress given in Equation (10-2) based on the von
Mises yield criterion.

10.4.3.3 Compression Flanges. At the strength limit state,
the longitudinal compressive stresses in the steel should not
exceed the critical longitudinal flange stress given in Equa-
tion (10-4) based on the von Mises yield criterion. The hard-
ened concrete prevents local and overall bend and shear
buckling of the steel flange at the strength limit state. At the
strength and constructibility limit states, the compressive
stress in the hardened concrete on the box flange should not
exceed 0.85f',.

10.4.3.4 Shear. The steel flange should be designed to
carry the total torsional shear at the strength limit state. The
shear stress in the flange can be computed assuming that the
steel acts compositely with the concrete. The computed shear
stress is not to exceed the critical flange shear stress given by
Equation (10-1).

The concrete must be provided with adequate orthogonal
reinforcement to resist the computed shear in the concrete and
to satisfy the requirements of Article 2.4.3 atthe serviceability,
constructibility, and strength limit states.

10.4.3.5 Shear Connectors. Shear connectors for compos-
ite box flanges should be designed to resist the effects of the
flexural and torsional shear used to design both the steel and
concrete. The number ofshear connectors on composite bot-
tom box flanges between the point of greatest negative
moment and the terminus of the concrete must satisfy the

shear-connector strength requirements of Articlei .2.1, ignor-
ing the term, Po. The radial shear due to curvature should also
be ignored. Instead, the torsional shear force in the concrete
should be vectorially added to the longitudinal shear connec-
tor force when checking the number of shear connectors
required at the strength limit state. The number of shear con-
nectors provided at the terminus of the concrete should also
be increased to satisfy the requirements of Article 10.38.5. 1.3

of the Standard Specifications. Finally, the shear connectors
should be checked for fatigue according to the proposed
Equation (7-11), wherc F¡, is the torsional shear force in the
box flange concrete.

The shear connectors are best distributed uniformly across
the box flange width to ensure adequate composite action of
the entire flange with the concrete. To help prevent local
buckling of the flange plate after the deck has hardened when
the flange is subject to compression, the transverse spacing
of the shear connectors is limited by the slenderness require-
ment accompanying Equation (10-4), with b¡in the slender-
ness limit taken as the transverse distance between the shear
connectors.

I 0.5 Permanent Deflection

For closed box and tub girders, the checks for control of
permanent deformations at overload are similar to the checks
described earlier for I-girders under Article 9.5. The only
exception is that the longitudinal flange stress at overload in
a noncomposite box flange subject to compression is not to
exceed the critical longitudinal flange stress for such a flange
given by either Equation (10-4), (10-6), or (10-8), as applica-
ble. As for l-girder flanges, the lateral flange bending stresses

at brace points need not be included when checking the over-
load stress in top flanges of tub girders because these stresses

do not significantly contribute to the permanent set.

10.6 Fatigue

When checking fatigue in closed box and tub girders, the
longitudinal fatigue stress range should be computed as the
sum of the stress ranges due to vertical bending and warping.
Although warping stresses are generally small in box sections
if sufficient internal bracing is provided to control warping
stresses due to cross-sectional distorlion, these stresses still
need to be considered for fatigue because they are highest at
the comer of the box where critical welding details are located.
The transverse through-thickness bending stress range at
flange-to-web fillet welds due to cross-sectional distorlion
must also be checked. A rational method of estimating these
distortion-induced warping and through-thickness bending
stresses was discussed in Article 10.2.2.3.

Cross bracing and diaphragm members and their connec-
tions must also be checked for fatigue. The fatigue loading
should be applied in accordance with the provisions of Arti-
cle 3 .5 .l .2 for determining the stress range in transverse mem-
bers (discussed previously). Top flange bracing is not fatigue
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critical because the deck is much stiffer than the bracing, and

therefore, the bracing members resist relatively little live load.

11. Splices and Connections

lI.l General

Splices and connections for curved bridges should be

designed according to the provisions given in Articles 10.18,

10.19, and 10.56 of the Standard Specifications for the
design of connections and splices for tangent bridges, with
the exceptions noted in this article.

According to the Recommended Specifications, connec-

tions of bracing members and diaphragms, which are consid-
ered to be primary members in curved bridges, should be

designed for the computed factored actions in the members.

Article 10.19.3.1 of the Standard Specifications currently
permits end connections for cross frames and diaphragms in
tangent bridges to be designed for the calculated factored

member actions with no consideration of the "75 percent" rule
or the "average" rule given in Article 10.19.1.1. The Recom-
mended Specifications are simply applying similar logic to the

design of these connections in curved bridges. Atticle
10.19.1.1 of the Standard Specifications currently states that
connections for main members should be designed for not less

than the average of the required strength at the point of con-
nection and the strength of the member at the same point, but
in any event, not less than 75 percent of the member's strength.

In many cases, slip of a bolted connection at overload will
govern the design of the connection versus strength. Also, with
the increasing use of refined methods of analysis, the actions

in cross frame and diaphragm members are more readily and

easily determined. Designing these connections according to
the 75 percent or average rules can result in excessively large

connections, which, in turn, can create eccentricities that cause

higher member stresses leading to the need for even larger
connections. Assuming that the factored member actions have

been computed by a rational approach that considers the sys-

tem behavior of the entire superstructure, as required by the

provisions, designing the connections of these members for
those actions is reasonable and sufficient.

Girder splices in curved girders should be designed accord-
ing to the latest provisions given in Article 10.18 of the Stan-

dard Specifications for the design of girder splices in tangent

girders. In addition, I-girder flange splices should be designed
considering the effects of lateral bending. An approach simi-
lar to the traditional approach used to design web splices for
eccentric shear can be used. Box flange splices and web splices

should be designed by considering the additional effects of tor-
sional shear. Warping shall also be considered in the design of
a box flange splice at the fatigue limit state and when check-
ing for slip of bolted connections in a box flange splice at over-
load. Navier's hypothesis shall be assumed to determine the

forces in the bolt and welds used in girder splices at all limit

states. Forces in the splice plates and their connections at com-
posite sections should be computed from the accumulated
stresses according to the provisions of Article 4.5.2.

I 1.2 Bolted Connections

Slip ofhigh-strength bolted connections should be checked
at the overload and constructibility limit states according to
the provisions of AASHTO Article 10.57.3 of the Standard
Specifications. In checking the slip resistance ofthe connec-
tion, consideration should be given to the use of a Class B
surface condition for determining the slip resistance of the
faying surface wherever possible. A Class B surface condi-
tion refers to an unpainted faying surface that has been blast
cleaned or to a surface that has been blast cleaned and painted

with a Class B coating. Provided that the coatings have been
qualified by test as required in the Standard Specifications,
many commercially available primers satisfy the require-
ments for Class B coatings. Unpainted faying surfaces on
weathering steel that have been blast cleaned also qualify as

Class B surfaces.

Base metal at the gross section of slip-critical connections
made with properly tightened high-strength bolts is designed
for fatigue Category B. High-strength bolts subject to tension
must be designed for fatigue according to the provisions of
AASHTO LRFD Article 6.13.2.10.3.

In girder splices, standard-sized bolt holes must be used
according to the Recommended Specifications, which is con-
sistent with the latest provisions for splice design given in the
Standard Specifications. In the connections of primary mem-
bers, standard-sized bolt holes should preferably be used to
ensure that the steel will fit together in the field. Oversized or
slotted holes are permitted for these conneÇtions if it is ascer-

tained by the engineer that the correct geometry of the
erected steel can still be obtained. It is strongly recom-
mended that the use of cross-section or slotted holes be lim-
ited to connections of bracing members that are not required
to maintain the geometry of the erected steel.

1 1,3 Welded Connectíons

According to the Recommended Specifications, fatigue of
f,llet welds should be checked according to the provisions of
AASHTO LRFD Article 6.6.1, using Category E forthe weld
material.

12. Deflections

l2.l General

All deflections should be computed using unfactored loads,
unless otherwise noted, according to the Recommended
Specifications.



I 2.2 Span-to-Depth Ratio

For girders having a specified minimum yield stress of
50 ksi or less, the prefered span-to-depth ratio of the steel
girder is not to exceed 25.The span to be used in determining
this ratio is defined as a girder arc length, L,", equal to the fol-
lowing: (1) the arc span length for simple spans, (2) 0.9 times
the arc span length for continuous end spans, and (3) 0.8 times
the arc span length lor continuous interior spans.

The earliest preferred span-to-depth ratio of 25 given for
steel beams and girders in the AASHTO Specifications was
developed for steels with a specified minimum yield stress
of 33 ksi and for noncomposite design. With the adoption of
composite design, the preferred span-to-depth ratio for the
steel girder was relaxed to 30. The span-to-depth ratio for
the composite girder (concrete deck plus steel girder) was
set at25.

In the Recommended Specifications, the preferred steel
girder depth for curved composite girders is increased back
to 25. The same limit would also apply to curved noncom-
posite girders. This change is introduced to reflect the fact
that the outside curved girder receives a disproportionate
share of the load and needs to be stiffer. Cross frame forces
in curved skewed bridges are directly related to the relative
girder deflections. Increasing the depth (and stiffness) of all
the girders in a curved skewed bridge leads to smaller rela-
tive differences in the deflections and smaller cross frame
forces. Deeper girders also result in reduced girder out-of-
plane rotations, which may make the bridge easier to erect.
A girder shallower than the recommended limit might be
used if the engineer evaluates the cross frame forces, bridge
deformations, and live-load deflections and f,nds them to be
within tolerable limits.

According to the proposed Equation (12-1) in the Recom-
mended Specifications, an increase in the girder depth is sug-
gested for bridges with girders having a yield stress greater
than 50 ksi. As mentioned previously, the span-to-depth lim-
its of 25 and 30 evolved from a history of noncomposite
bridges constructed by using steels with a specified minimum
yield stress of 50 ksi or less. These noncomposite bridges
actually exhibited composite behavior at service loads. With-
out an increase in the depth of girders fabricated from higher
strength steels, the girders will be much more flexible and
deflections will increase.

I 2.3 Dead-Load Deflections

According to the Recommended Specifications, deflec-
tions due to the steel and concrete weights should be reported
separately, as is typically required. The specification of cam-
bers for the steel weight alone allows for checking of the
geometry during the steel erection. Deflections due to future
wearing surfaces or other loads not applied during construc-
tion are also to be reported separately. Vertical cambers
should be specified to compensate for the computed dead-
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load deflections. Lateral cambers may also be specified to
compensate for the girder rotations to ensure proper seating
of the bearings and/or the proper lateral bridge geometry.
Explicit computation of the girder rotations at the supports
may indicate that a properly designed elastomeric bearing
pad can be substituted for a more expensive pot bearing.

I 2.4 Live-Load Deflections

At the direction of the Project Panel, live-load deflection
limits are the same as the present AASHTO. The maximum
computed live-load deflection ofeach girder in the cross sec-

tion is preferably limited to ¿/800, except for girders under a

sidewalk for which the live-load deflection is preferably lim-
ited to ¿i 1,000. L is taken as the girder arc length between
bearings. However, the maximum live-load deflection in
each girder in each span must be checked. The loading is as

specified in AASHTO. The reduction due to multiple pres-
ence is permitted as specified in AASHTO Article 3.12.1.
For girders under a sidewalk, the pedestrian live load should
not be included when making this deflection check. The
deflection limit should be applied to each individual girder in
the cross section because the curvature causes each girder to
deflect differently than the adjacent girder so that an average

deflection has no meaning.
Acceleration related to the frequency and amplitude of

vibration is the primary cause of discomfort to pedestrians or
to vehicle passengers in stopped traffic on a bridge. In fact,
Canadian specifications limit the computed static live-load
deflections as a function of the first natural frequency of the
bridge superstructure based on different degrees of pedes-

trian use. The Recommended Specif,cations, however, con-
form to the current accepted practice in U.S. specifications
ofcontrolling vibrations and deflections indirectly using the
"L*over" ratios.

The researchers originally recommended consideration of
the use of a single lane loaded to compute maximum live-load
deflections. The use of two times one lane of HS20 truck or
lane load was suggested. Two times an HS20 truck is approx-
imately the weight of the vehicle being considered in the new
Canadian specif,cation for live-load deflection checks using
an acceleration limit derived from the natural frequency ofthe
bridge. The approach of limiting deflection based on an accel-
eration limit has also been adopted by AASHTO for the

Guide Specifications for Pedestrían Bridge¡ although the live
loading is different. Again, the use of a single loaded lane with
a heavy load on curved bridges is more meaningful than load-
ing multiple lanes with a lighter loading. Live load for deflec-
tion is not related to live loading for strength, which may
change over time.

In a curved bridge, each girder in the cross section is likely
to deflect a different amount even if all lanes are simultane-
ously loaded, as assumed in the straight-girder specifications.
In wider curved-girder bridges, the outside girder is more
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heavily loaded than the outside girder of a nanow bridge with
only one or two lanes. Thus, by using a single lane of load,

bridges of various widths are treated more uniformly than by
assuming that all lanes are loaded simultaneously. For tangent
bridges, assuming that all girders act together and deflect
equally, as permitted in Article 10.6.4 of the Standard Speci-
fications when full-depth cross bracing is provided, gives

about the same results as two times one lane of HS20 loading
(plus impact). For curved bridges, such an assumption does

not yield the same results;
To compare the effect of using two times HS20 in one lane

to the effect of using HS25 in multiple lanes for checking
live-load deflections, deflections for several actual bridge
designs were computed using a refined analysis. For each

girder, the live load was placed in the position to cause the
largest deflection for that girder. For the latter case, where the
deflection was governed by three-lanes loaded, the multiple
presence factor of 0.90 specifìed in Article 3.12 of the Stan-
dard Specifications has been included in the reported values.
Where the deflection was governed by four-lanes loaded, the
specif,ed multiple presence factor of 0.75 has been included
in the reported values. The results of these comparisons are

summarized below. The governing number of loaded lanes

for the case of the actual design live loading is indicated
either in the text or in the table.

Bridge 1 is a three-span continuous bridge with radial sup-
ports and average span lengths of 321-416-321 ft. Span I is
curved with a radius of 500 ft measured at the longitudinal
centerline. Spans 2 and 3 are tangent. The out-to-out width
of the concrete deck is 48 ft-3 in. There are four girders in the
cross section spaced at 13 ft-6 in. A 5 frO in.-wide sidewalk
is on the outside of the curve. The girders are 14 ft-} in. deep

and the design live load is HS25. For this study, the bridge
was examined both with and without the sidewalk. The
results for this bridge are summarized in Tables I and 2. G4
is the outermost convex girder. The governing deflections
that are repofted for Bridge I for the case of the design live
load are for three lanes loaded.

In this particular case, the HS25 loading generally results
in slightly larger deflections than the proposed loading in the
Recommended Specifications. Note the significant differ-
ence in the computed deflections for each girder in the curved
span 1, which indicates that the use of an average deflection
would be inappropriate for curved girders.

In the tangent span 3, which is furthest from the curved
span, the deflections are more equal. Thus, the use ofan aver-
age deflection, or considering all girders to act together and

deflect equally, seems more reasonable for tangent spans.

Although span 2 is tangent, the deflections still appear to be

affected by the curvature in span 1. Such behavior is indica-
tive of why Article 1.1 of the Recommended Speciûcations
states that any bridge superstructure containing a curved seg-

ment shall be designed as a curved bridge according to the
provisions.

Bridge 2 is a five-span continuous horizontally curved
bridge with spans of 180-229-164-164-131 ft and radial
supports. The radius is 886 ft, measured at the longitudinal
centerline. The out-to-out deck width is 30 ft-6 in. with the
girders spaced at 1l ft-6 in. There are no sidewalks and the
design live load is HS25. The girders arei ft-6 in. deep. A
comparison of the computed live-load deflections in the first
three spans is given in Table 3. In this case, girder Gl is defined
as the outermost convex girder. The governing deflections
reported for Bridge 2 for the case of the design live load are

for two-lanes loaded.
Bridge 3 is a horizontally curved simple-span bridge with

a span of 169 ft and a radius of 2'7 5 ft measured at the longi-
tudinal centerline and skewed supports. The out-to-out width
ofthe concrete deck is 36 ft-4 in. There are six girders in the

cross section spaced at 6 ft-0 in. The girders are 5 ft-8 in.
deep and the design live load is HS25. Girder G6 is defined
as the outermost convex girder. The governing deflections
reported for Bridge 3 for the case of the design live load are

for two-lanes loaded. The comparison of the computed
deflections is given in Table 4.

Bridge 4 is a four-span continuous horizontally curved
bridge with spans of 106-138-138-106 ft and a radius of
1,300 ft measured at the longitudinal centerline. The out-to-
out deck width is approximately 83 ft-8 in., and there are

seven girders in the cross section spaced at approximately
12 ft-8 in. The girders are 6 ft-5 in. deep and there are no side-
walks. In this case, the design live loading is HS20. Girder
G1 is defined as the outermost convex girder. The compari-
son of the computed deflections for the first two spans (the

bridge is symmetrical) is summarized in Table 5. In this case,

the number of loaded lanes that govemed for each girder for
the case of the design live load is indicated in Table 5.

Bridge 5 is a two-span continuous horizontally curved
bridge with spans of 162-162 ft and a radius of 642 ft, mea-

TABLE 1 Bridge 1 with sidewalk, maximum live-load deflections (in.)

Girder
Span 'l Span 2 Span 3

H525
Design load

2xH520
S¡ngle lane

HS25
Design load

2xH520
Single lane

HS25
Design load

2xHS20
S¡ngle lane

G4 4.79 4.50 4.71 4.84 2.97 3.16

G3 3.65 3.17 4.18 3.30 2.69 2.12

G2 2.53 1.84 4.26 2.00 2.99 2.25

G1 1.62 1.21 4.96 4.72 3.61 3.46



TABLE 2 Bridge 1 without sidewalk, maximum live-load deflections (in.)

Girder
Span 1 Span 2 Span 3

HS25
Design load

2xHS20
Single Lane

HS25
Des¡gn load

2xHS20
Single Lane

H525
Design load

2xHS20
Single Lane

G4 6.33 5.33 6.33 5.96 3.99 3.88

G3 4.58 3.65 4.88 3.74 3.14 2.37

G2 2.85 2.01 4.26 3.01 3.04 2.28

GI 1.58 1.21 5.06 4.86 3.67 3.56
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sured at the longitudinal centerline. The out-to-out width of
the concrete deck is 32 ft and there are four 7 fr6 in. deep
girders in the cross section. The design live load is HS20. The
comparison of the computed deflections for this case is given
in Table 6. Girder G4 is defined as the outermost convex
girder. The governing deflections reported for Bridge 5 for
the case of the design live load are for two-lanes loaded.

13. Constructibility

l3.I General

As discussed earlier under Article 2.5, a construction plan
must be provided on the design plans indicating one possi-
ble scheme to construct the bridge, including the sequence of
girder and deck placement and the location of any temporary
supports. This construction plan does not relieve the con-
tractor of any of the responsibility for the fabrication, erec-
tion, or construction of any part of the bridge. Construction
loads and wind loads, specified in Articles 3.3 and 3.4,
respectively, must be considered at each critical stage of
construction, which is defined as any condition during the
construction of the bridge that might cause instability or yield-
ing. The construction plan must also show all assumed con-
struction loads in addition to the computed dead loads. Any
computed deflections shown on the construction plan are to
be unfactored.

13.2 Steel

The stresses in primary steel members due to the factored
construction loads are not to exceed the specified minimum
yield stress in any element, or, the critical buckling stress for

any steel element subjected to compression during construc-
tion. As specified in Article 3.3, a load factor of 1.4 should
be applied to the construction loads. The critical compressive
stress in webs is limited to the appropriate web bend-buckling
stress, as defined in Article 6. The critical tensile stress in
webs is limited to the yield stress according to Article 6. The
critical stress in flanges having one web is given in Article 5.
For partially braced compression flanges during erection and
deck placement prior to deck hardening, the critical com-
pressive stress for noncompact flanges specified in Article
5.2.2 is to be used. The compression-flange slenderness dur-
ing erection and deck placement is also limited to the non-
compact flange slenderness limit given by Equation (5-4).
The critical stresses for tension flanges and continuously
braced flanges having one web during construction are given
in Articles 5.3 and 5.4, respectively. Critical stresses for non-
composite box flanges during construction are given in Arti-
cle 10.4.1. Finally, as mentioned previously, the slip resis-
tance of bolted joints should be checked for the factored
loads at each critical construction stage.

13.3 Concrete

The compressive concrete stress due to factored con-
struction loads during any stage of construction is not to
exceed 0.85f', where f'" is the compressive strength for the
expected age of the concrete at the time the construction
loads are to be applied. Tensile stresses in the concrete at
all stages of construction must also be checked. For exam-
ple, when the concrete deck is cast in a span adjacent to
a span where the concrete deck has already hardened, the
tensile stress in the hardened concrete may exceed the mod-
ulus of rupture. According to Article 2.4.3 of the Recom-

TABLE 3 Bridge 2, maximum liveJoad deflections in spans 1,2, and 3 (in.)

Girder
Span 1 Span 2 Span 3

HS25
Design load

2xHS20
Single Lane

H525
Design load

2xHS20
Single Lane

HS25
Design load

2xH520
Single Lane

G1 2.25 2.40 2.86 3.00 1.35 1.45

G2 1.46 1.30 1.87 1.67 0.87 0.77

G3 1.25 1.32 1.54 1.60 0.74 0.79
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TABLE 4 Bridge 3, maximum live-
load deflections (in.)

Girder

Span 1

HS25
Design load

2xHS20
Single lane

G6 1.53 1.90

G5 1.51 1.50

G4 1.20 't.11

G3 0.91 0.76

G2 0.81 0.74

G1 0.80 0.86

mended Specifications, if the tensile stress in the concrete

at the constructibility limit state exceeds 0.7 times the mod-
ulus of rupture, a minimum of l-percent longitudinal re-
inforcement must be provided in the deck at that location
for crack control. Because tensile stresses are limited and

construction loads are relatively short term, stresses in
composite sections at the constructibility limit state should
be computed assuming an uncracked section based on the

modular ratio of ¡¿.

13.4 Deflection

For adequate rideability and drainage, vertical and lateral
deflections of the girders through the construction sequence

must be evaluated to ensure that the final position of the gird-
ers is as close as possible to the f,nal position anticipated in
the design. To ensure that the rotational capacities of the bear-
ings are not exceeded during construction, rotations of the

girders about the longitudinal and transverse axes should also

be determined for each critical stage of the construction.

13.5 Shipping

Field sections should be limited in weight, height, and

width so that the sections can be delivered to the site in a prac-

TABLE 5 Bridge 4, maximum live-load deflections
in spans I and 2 (in.)

Girder

Span 1 Span 2

HS20
Design load

2xHS20
Single lane

HS2O

Design load
2xH520

Single lane

G1 0.58(31) 0.69 0.92(31) 't.07

G2 0.46(31) 0.42 0.73(41) 0.68

G3 0.41(41) 0.30 0.64(41) 0.44

G4 0.36(41) 0.27 0.55(41) 0.38

G5 0.37(41) o.28 0.57(41) 0.40

G6 0.3e(31) 0.36 0.61(41) 0.55

G7 0.45(31) 0.55 0.73(31) 0.86

TABLE 6 Bridge 5, maximum liveJoad deflections in
spansland2(in.)

Girder

Span 1 Span 2

HS2O
Design load

2xHS20
Single lane

HS2O
Design load

2xH320
Single lane

G4 0.85 .1Y 0.E5 .1V

G3 0.68 0.83 0.68 0.83

G2 0.55 0.58 0.55 0.58

G1 0.56 u.t6 0.56 0.78

tical manner. For loads that exceed the normal load size and

weight permitted on the highway system, escorts or special
permits are required. Shipments by rail are generally limited
only by the geometry of the sections.

13.6 Steel Erection

The erection scheme provided on the construction plan is
to denote a sequence of erection, which will ensure that com-
puted stresses do not exceed the critical stresses during any
stage of erection and that the final steel deflections are as

close as possible to those determined from the analysis.
Temporary suppoÍs a¡e often required to support curved

girders during erection. Should temporary supports be required,
the construction plan must instruct the contractor where the

supports can be located and the magnitude of the reactions

at the supports. The final elevation of the steel at the location
of the temporary supports must also be provided so that when
the supports are removed, the conect girder elevation will
be obtained. In addition, the amount of girder deflection that
will occur on removal of the supports must be furnished so

that the proper stroke is provided to permit removal of the jacks

at the supports. Provisions must also be made to receive any
temporary reactions acting on the girders at the suppolts.

The addition of any bracing deemed to be necessary in the

erection process should be sized and the design of the required
connections should be provided. If temporary bracing is re-

quired, its addition and removal should be specified in the
erection sequence. In many instances, cranes are used to sup-

port individual curved girders until they are braced to adjacent
girders. Curved I-girders are sometimes erected in pairs to
increase stability. Temporary top and/or bottom flange bracing

can help to improve the stability of girder pairs.

13.7 Deck Placement

The deck placement sequence, time between casts, and the

assumed concrete strength at the time of subsequent casts must

be specified in the construction plan. The factored steel

stresses due to the sequential placement of the deck concrete

should not exceed the appropriate critical stresses. Uplift ofthe
girders at the bearings during any stage of the deck-placement
sequence is not permitted. If uplift is indicated, temporary



loads can be placed on the structure as necessary to prevent

liftoff. The magnitude and position of the required temporary
loads must be given. If the bridge is to be redecked in the future
under traffic, the girder and deck stresses and cross frame
forces should be evaluated for the anticipated redecking
sequence (i.e., assuming that selected portions of the deck are

removed and that live load is positioned in the appropriate
lanes on the remaining deck).

13.8 Deck Overhangs

During the construction of steel girder bridges, concrete
deck overhang loads are usually supported by brackets at-

tached to the top flange and braced against either the web or
bottom flange. The brackets are typically spaced longitudinally
at approximately 3- to 4-ft intervals along the exterior girders.

As overhangs become larger, the effects of these loads on the

exterior girders become more significant. Therefore, this arti-
cle requires that these effects be considered in the design of the

exterior girder flanges. The overhang loads include the weight
of the wet concrete in the deck overhang, the weight of the

overhang deck forms, the weight of the concrete finishing
machine and screed rails, and any miscellaneous construc-
tion loads. The weight of the concrete finishing machine is

usually not known at design time and must typically be as-

sumed. The engineer may wish to provide the assumed weight
used in the calculations with the construction plan. Additional
guidance may be found in work by Grubb (51).

The individual bracket loads applied eccentrically to the
exterior girders create applied torsional moments to the gird-
ers, which tend to twist the girder top flanges outward and

may twist the girder bottom flanges inward. Additional lateral
bending moments in the flanges result, which produce tension
in the top flange at brace points on the side of the flange oppo-
site from the bracket. The proposed Equations (C13-1) and
(CI3-2) are provided in the commentary to this article to esti-
mate the lateral bending moments in the top flange due to both
a uniformly distributed and a concentrated bracket force.
These approximate equations assume that panel lengths be-
tween brace points are equal and that distributed lateral
bracket loads on the flanges are uniform. Lateral flange bend-
ing stresses resulting from these moments should be added

algebraically to any additional lateral flange bending stresses

resulting from effects other than curvature in the tetm, 1,,
defined in Article 5.2.1, which is then to be used in the pro-
posed Equations (5-8) and (5-10) to determine the critical top
flange stresses. When combining the lateral flange stresses,

careful consideration must be given to the sign of the stresses.

The critical flange stresses are to be determined for the com-
bination of the effects due to the factored construction loads
and the factored overhang loads.

The effect of the reactions in the top strut of the overhang
brackets should be considered in the design of the cross

frames. In addition, the horizontal components of the resultant
loads in the inclined members of the overhang brackets are
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often transmitted directly onto the exterior girder webs. The
girder webs may deflect laterally due to these applied loads.

Precautions should be provided to ensure that the webs are not
damaged. Altematively, where practical, the overhang brack-
ets should preferably be extended to the intersection ofthe bot-
tom flange and the web. Rotations and vertical deflections of
the exterior girders due to the overhang loads should also be

checked to ensure that the proper deck thickness is obtained.

F. RECOMMENDED SPECIFICATIONS:
DIVISION II, CONSTRUCTION

1. General

The Division II requirements for construction in the Rec-

ommended Specif,cations should be considered in addition
to the Division II requirements in the AASHTO Standard

Specifications. However, if there is a conflict between similar
provisions in the two specifications, the provisions in the Rec-

ommended Specif,cations are to prevail. In some instances, the

requirements in the Recommended Specifications are more

restrictive. The provisions in Division II apply specifically to
the fabrication, shipping, and erection ofthe steel superstruc-

ture and to the placement of the concrete deck and should be

used by the contractor to prepare a construction plan.

The construction plan shown in the design plans must indi-
cate one possible way of constructing the bridge and also
must indicate the specific considerations related to the con-
struction of the bridge that were made to accommodate that
plan in the design by the engineer. The creation of this plan
does not in any way relieve the contractor of full responsi-
bility for the fabrication, erection, or construction of any part
of the bridge, even if there are no modifications to this plan
in the construction plan to be prepared by the contractor. The

contractor, fabricator, and erector are not required to build
the bridge according to the construction plan given in the
design plans. However, in most instances, the construction
plan prepared by the contractor should not differ significantly
enough from the construction plan shown in the design plans

that a redesign of the bridge would be required.

1.2 Constructíon Plan

This article requires the contractor to produce a detailed
construction plan that is stamped by a registered professional

engineer and approved by the owner's engineer. The plan may

be based on the one in the design plans or may be developed

independently by the contractor. This construction plan should
include the following: (1) fabrication procedures, including
the method used to curve the girders; (2) shipping weights,

lengths, widths, and heights and means of shipping; (3) an

erection plan showing the sequence oferection, crane capaci-

ties and positions, and the location, capacity, and elevation of
any required temporary supports; and (4) computations show-

ing a check of the factored construction stresses according to
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the requirements of Article 13 in Division I of the Recom-
mended Specifications. If the contractor's plan results in a

change to the dead-load camber of the girders from that pre-

sented in the design plans, then approval must be obtained
from the owner's engineer prior to the start of fabrication. This
timing is required to ensure that any changes in the camber, or
other changes, will be accounted for at that time.

Although some state DOTs have requirements similar to
the above, such requirements ale not currently included in the
AASHTO Standard Specifications, LRFD Speciflcations, or
the Guide Spec. The intent of these requirements is to ensure

that a safe method of construction is provided and that the
contractor plan for the implementation of such a construction
procedure when preparing the bid. The development of an

acceptable construction plan by the contractor prior to the bid
should reduce the number of claims and extras submitted by
contractors who submit too low a bid based on poor con-
struction plans or schemes. Because of the complexity of
curved bridges, the construction plan prepared by the con-
tractor is required to be stamped by a registered professional
engineer.

2. Fabrication

2.1 General

Unless otherwise specified in the construction plan, the
fabricator should ensure that the steel can be fit up in the no-
load condition. The intent of this provision is to ensure that
the steel is erected in a manner consistent with the analysis
for the steel self-weight. The steel may be instead erected in
stages and connected without adjustments to the camber if
the analysis reflects the planned erection sequence.

2.2 Handling

Care should be exercised in handling rolled shapes and
plates for flanges and webs to ensure that visible damage or
other incidental damage is prevented.

2.3 Girders

2.3.1 Rolled l-Beams. Horizontal curvature of rolled
I-beams may be obtained either by heat curving or cold bend-
ing and only when the specified minimum yield stress of the

steel does not exceed 50 ksi.
Heat curving is typically accomplished by fabricating a

straight girder in a conventional manner and then introduc-
ing thermal stresses and yielding in the top and bottom flange
edges, approximately simultaneously along one side of the
girder to induce a residual curvature after cooling. As the top
and bottom flanges on the side of the girder to be shortened
are heated, the edges attempt to elongate. However, the edges

are restrained by the unheated portions of the flange and the

unheated web causing the flanges to upset, or increase in

thickness, to relieve the compressive stresses. Assuming the
temperature is high enough, the heated edges will yield
resulting in residual stresses and strains that remain after the

flanges cool. The magnitude of the residual strains deter-
mines the amount of net shortening, which produces a con-
cave horizontal curvature in the girder after cooling. Heat

curving can be accomplished by heating the flange edges

continuously along their length or by heating the flanges in
evenly spaced triangular or wedge-shaped spots-a process

known as spot or V-heating. Generally, V-heating is used for
longer radius curves. Prior to 1968, heat curving of bridge
girders was not accepted on a national basis. Research by
Brockenbrough (52-56) eventually led to the development
of specification criteria for heat curving.

Quenched and tempered steels may not be heat curved
according to the Recommended Specifications. Heat curving
should be performed in accordance with the provisions of
AASHTO Aficles 10.15.2 in Division I and Article 11.4.12.2

in Division II of the Standard Specifications. Article I0.l5.2in
Division I specifies a minimum allowable radius of curvature
for the heat curving of a straight girder.

Because of the increased residual stresses due to heat curv-
ing, slight inelastic action may occur under initial loadings.
As a result, a vertical camber increase was introduced in Arti-
cle 10.15.3 of the AASHTO Standard Specifrcations for gird-
ers with radii less than 1,000 ft to negate a possible loss in
camber as the residual stresses dissipate (52). A modification
factor was added to the equation for the vertical camber
increase in 1988 to bring the predicted camber loss more in
line with measurements made in the field (57), which indi-
cated little or no observed camber loss. The modification fac-
tor has received no additional verification. Therefore, the
Recommended Specifications state that the owner should
determine the necessity for providing the additional camber
given in AASHTO Article 10.15.3.

Research has indicated that heat curving has no deleteri-
ous effect on the fatigue strength of horizontally curved
girders (58).

Cold bending, although not dealt with explicitly in the
AASHTO Specifications in the past, is permitted by the pro-
visions. The cold bending may be performed by using either
a press or a three-roll bender and should be controlled so that
the flanges and web of the beam are not buckled or twisted
out-of-plane. It is up to the owner to specify the limits on the
cold-working strain such that the metallurgy of the steel is

not affected.

2.3.2 Welded l-Girders. In addition to heat curving and

cold bending, welded girders may be fabricated from cut-
curved flanges. An advantage ofcut curving is that there is no
limit on the radius of curvature that may be obtained. Dis-
advantages are that special fixtures are usually required for flr
up and significant amounts of scrap can be generated without
careful planning. The flanges may be cut either from a single
wide plate, or more desirably, nested for multiple cutting from
a single plate to minimize the scrap. When the latter practice



is used, it is necessary to heat curve the girders to the final
radius because adjacent flanges would have nearly the same
radius. Otherwise, it would be necessary to re-burn each
flange with concomitant material loss. Vertical camber should
be obtained by cutting the web plate to the necessary contour.

2.3.3 Welded Box and Tub Girders. Box flanges must be

cut curved according to the provisions. Top flanges of tub
girders, however, may be curved in the same fashion as the
flanges of welded I-girders. Heat curving of these flanges

may be done after the flanges are welded to the webs.

2.4 Web Attachments

In this article, connection-detail requirements for web at-

tachments, including transverse stiffeners, connection plates,

and longitudinal stiffeners, are given. Many of the provisions
re-emphasize the provisions given in Division I of the Rec-
ommended Specifications regarding the detailing of these ele-

ments. The continuous fillet welds connecting transverse stiff-
eners to the web must be terminated between4t,,, and 6/," from
a flange or longitudinal web stiffener, where /, is the thickness
of the web, to avoid intersecting welds and to prevent high
restraint stresses from developing due to weld shrinkage. To
minimize through-thickness bending stresses in the web, pre-
vent flange rotation or raking relative to the web, and transfer
lateral cross frame forces directly to the flanges, connection
plates must be attached to both flanges by welding or bolting.
A welded connection should not be substituted for a bolted
connection on the design plans without the permission of the

designer-of-record. Cross frames or diaphragms to be attached

to the web are to be fit under the no-load condition, unless

otherwise specified.

2.5 Bolt Holes

Standard size bolt holes are to be used in girder splices and

in primary load-carrying members to control the geometry
during erection, unless otherwise approved by the owner's
engineer and the engineer of record.

2.6 Tolerances

2.6.1 Welded Web Flatness. Webs are to meet the dimen-
sional tolerances specified in Articles 3.5 and 9.19 of the

ANSI/AASHTO/AWS D1.5 Bridge Welding Code (59). The
flatness can be measured using a straightedge oriented along
the shortest line between the flange-to-web welds. The toler-
ance for stiffened webs is determined using the intermediate
transverse stiffener spacing as the greatest dimension of the
panel, since the maximum spacing of transverse stiffeners on
curved girder webs is limited to the web depth. For unstiffened
webs, the tolerance is determined using the web depth.
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2.6.2 Camber. Vertical camber of the girders should be

provided to allow for deadload deflections and suppoft rota-
tions about the axis radial to the girder. Twist camber may be

provided to allow for rotation of the girder about the axis tan-
gential to the girder. Because torsion can twist the girders, it
may be necessary to camber the girders to account for the rota-
tions due to the twist to assist with f,t-up. However, twist cam-
ber will not likely be required unless skews are significant.
Vertical cambers are difficult to measure for curved girders. If
twist camber is not provided, the camber of curved I-girders
can be measured by laying the girder units on theil sides.

2.6.3 Sweep. Tolerances for girder sweep are given in
Article 3.5.L4 of the ANSI/AASHTO/AWS D1.5 Bridge
Welding Code (59). Sweep should be measured radially from
the theoretical curve of the girder. The theoretical curve may
be a constant radius, a compound radius, or a spiral. To check
the sweep tolerance for a curved girder, theoretical offsets
from a chord can be computed. Deviations from the theoret-
ical offsets can then be compared to the AWS (American
Welding Society) sweep tolerance values given for tangent
girders. Offset measurements should be made with the girder
vertical and in the no-load condition.

2.6.4 Girder Lengths. Accurate measurement of girder
lengths is important to ensure the proper location of anchor
bolts. According to the Recommended Specifications, girder
lengths should be measured along the arc based on an ambient
temperature of 68'F. If girder lengths or anchor bolt locations
are surveyed with a laser instrument, make compensations for
the actual temperature of the girder.

2.7 Fít-Up

2.7. I General. Fit-up of girder sections prior to erection is

to satisfy the requirements of Article 11.5.3 of Division II of
the AASHTO Standard Specif,cations. As a minimum, three
contiguous sections adjusted for line and camber should be

preassembled. For multistringer bridges, such preassemblies

are normally used to check the fit-up of field splices. For
structures longer than 150 ft, the assemblies should not be less

than 150-ft long.

When numerically controlled drilling is employed, the Rec-

ommended Specifications require check assemblies of cross

frames or diaphragms to be made between properly positioned
girder sections, as prescribed in Article 1 1.5.3.3 of AASHTO
Division II. If numerically controlled drilling is not employed,

shop fit-up of bolted cross frame or diaphragm connections

may still be required for structures with particularly rigid or
complex framing. Full shop assembly of the bridge is not

required unless specified in the construction plan. Also, fit-up
shall be assumed to be performed in the no-load condition
unless otherwise specified in the conshuction plan.
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2.7.2 Gírder Section Field Splices. Girder section field
splices may be fit-up with the flange and web plates in either
the vertical or horizontal position. If the flanges are cut
curved, fit-up of I-girder flange splices is usually performed
with the flanges horizontal either before or after welding the
flanges to the web, If the girder is to be heat curved, splices
may be fit-up prior to heat curving with the web in either a
vertical or horizontal orientation. The design vertical camber
must be in the girders prior to the fit-up of girder splices.

3. Transportation Plan

A transportation plan may be required by the owner for
complex or large structure components that are wider, heavier,
deeper, or longer than normally permitted for the selected

mode of transportation. As a minimum, the transportation plan
should include (1) the type of girder supports required and

their location; (2) the type, size, and locations of tie-downs;
and (3) any temporary stiffening trusses or beams that would
be required to meet the requirements of this article.

During transportation, girders should not be subjected to
large stresses or possible fatigue damage. According to the
Recommended Specifications, girder stresses during ship-
ment due to self-weight are to be computed with an impact
allowance of 100 percent and are not to exceed the critical
stresses specified in the applicable section of Division L A
100 percent impact allowance is specified to account for the

dropping ofthe girders on rigid supports before and after ship-
ment. Fatigue during shipment can be caused by longitudinal
stresses in the girders or by through+hickness stresses result-
ing from repeated raking of the section, Girder sections are
preferably to be shipped in the same orientation as in the com-
pleted structure, and are to be supported so that their cross-
section shape is maintained and the through+hickness stresses

are minimized. The Recommended Speciflcations also con-
servatively limit the fatigue stress ranges in the supported
girder to two times the nominal fatigue resistance specified in
Article 6.6.1 of the AASHTO LRFD Specificarions.

The girder should also be supported during shipment so

that dynamic lateral flange bending stresses are controlled. To
control vibrations during shipment, single unbraced l-girders
should preferably not be cantilevered more than the length,l.,
given by Equation (3-1), Equation (3-1) was derived from the
equation for the fundamental natural frequency of a cantilever
beam subject to free vibration. The equation ensures that the
first mode of vibration of the fixed-end cantilever will be
greater than 5 Hz. Critical lengths for other frequencies can

be determined by multiplying 43 times the desired frequency
divided by 5.

4. Steel Erection

4.1 General

Steel erection should be performed in accordance with the
construction plan prepared by the contractor and approved by

the owner's engineer. Article 11.2.2 in Division II of the
AASHTO Standard Specifications requires the contractor to
supply erection drawings indicating the step-by-step plan of
erection, including the details of any required falsework or
bracing. The article goes on to state that calculations may be

required to demonstrate that member capacities are not
exceeded during any step in the erection sequence and that
the final geometry of the erected steel will be correct.

The Recommended Specifications require that the fac-
tored stresses due to the self-weight of the steel and due to
wind loading at each stage of erection be computed and

checked according to Article 2.5.2 in Division I. Steel that
does not fit together in the field is indicative that the stresses

in the steel are not consistent with the stresses computed in
the design and in the subsequent detailing. Excessive stresses

can be relieved through the proper use oftemporary supports.
Reaming of bolt holes during erection to permit fit-up is only
to be allowed with the approval of the owner's engineer, and

only after the resulting stress state and deflections have been
investigated. Any erection stresses induced in the structure as

a result of using a different method of erection from that in
the construction plan should be accounted for by the con-
tractor, according to the provisions of Article 11.6.4.2 1n

Division II of the Standard Specifications. This is to ensure

that the integrity and load capacity of the completed bridge
is maintained.

Bolted girder splices should be field assembled according
to the provisions of Article 11.6.5 in Division II of the Stan-
dard Specifications, which ensures that an adequate number
ofpins and bolts are provided during the assembly,

4,2 Følsework

Temporary falsework bents are often required to provide
stability to curved girders during the erection. Where condi-
tions permit, cranes may be substituted for falsework. False-
work, when required, should be designed for the vertical and
lateral loads specified in the construction plan. The elevation
of the falsework should be set to support the girders at their
cambered no-load elevations and to allow for the deflection
of the erected steel after the temporary supports are removed.
The jacks used in conjunction with the falsework should have
a stroke adequate to permit full unloading of the steel and
should preferably be arranged to allow uniform unloading
of all temporary supports at each cross section to minimize
twisting of the steel and any damaging stresses.

4.3 Bearings

Bearings should be installed such that sufficient rotation
capacity remains to accommodate rotations due to live loads
and environmental loads after all dead load has been applied.
Skewed structures are particularly susceptible to twisting
about the longitudinal axis of the girders. As a result, signif-
icant bearing rotations can occur in these structures during
construction.



4.4 I-Girders

Extreme care must be exercised to ensure that curved
I-girders are stable during all stages ofthe erection. Adequate

torsional restraint of curved l-girders is required at all times.

The stability of curved l-girders with large unbraced lengths

is not well predicted by current theories. Stability is best

determined by performing small test lifts of the girder.
Unbraced lengths of curved I-girders should be kept within
the limits prescribed in Articles 5 and 9.3.2 in Division I,
where practical. Also, when evaluating the strength and

stability of curved I-girders during erection, the stage of
completeness of all bolted connections must be considered.

4.5 Closed Box and Tub Girders

The erection ofbox girders, particularly skewed box gird-
ers, is complicated by their large torsional stiffness. Shop fit-
up of cross frames and external diaphragms is extremely
important because the torsional stiffness of the box makes

field adjustments difficult. Care should be taken to ensure

that the cross-section shape ofeach box is maintained during
the erection by using additional cranes or temporary supports

to restrain the rotations until the diaphragms or cross frames

between the girders are adequately connected.

5. Deck

5.1 Forms

5.1.1 General. Deck forms may be either plywood, per-
manent metal forms, or concrete panels, as approved by the

owner. Proprietary deck forms must be placed according to
the manufacturer's specifications, which must be approved

by the owner's engineer, The deck forms must be firmly
attached to the top flange and may not be assumed to provide
lateral support to the top flanges. Tests have shown that the

commonly used connections for attaching the deck forms to
the top flange do not have adequate strength to transfer the

torsional shear forces normally encountered (ó0).

5.1.2 Overhangs. Loads on deck overhang brackets-and
their effects on the girders and cross frames-should be con-

sidered as discussed previously under Article 13.8 of Division
L If the loads should differ significantly from those given in
the design plans, the contractor has to provide an additional
analysis for the new overhang loads to be reviewed and

approved by the owner's engineer. Particular attention needs

to be paid to the compression flange ofthe exterior girders.

The brackets should preferably be attached to the top
flanges and bear near the bottom flange. If it is necessary for
the overhang brackets to bear directly on the web, then the con-

tractor's engineer must take adequate precautions to prevent

permanent deformations of the web.
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5.1.3 Tub Girders. Permanent deck forms are highly
desirable for use between the flanges of a tub girder because

of the difficulty in removing deck forms from inside the tub.
The forms should not be supported at locations other than the
girder flanges unless specifically considered in the design.

Debris should not be left inside the box because it interferes

with subsequent inspections.

5.2 Placement of Concrete

Concrete casts should be made in the sequence specified
in the approved construction plan. The duration ofeach cast

is also to be specified in the construction plan. The time
between casts should be such that the concrete in the previ-
ous casts has reached the strength specified in the construc-
tion plan. Any retarding or accelerating agents to be used in
the concrete mix should also be specified.

Casts that include both a positive and negative moment

region should preferably be cast so that the positive moment

region is cast first. In a long cast, if the negative moment region

is cast ûrst, it is possible that this region will harden and be

subject to tensile stresses during the remainder of the cast,

which may result in early age cracking of the deck. When con-

crete is cast in a span adjacent to a span th4t already has a hard-

ened deck, induced negative moments in the adjacent span will
also cause tensile stresses and torsional shear stresses that may

result in transverse deck cracking.

6. Reports

Modifications in the field from any of the original plans

must be documented with the appropriate approvals noted.

The complete Recommended Specifications and commentary
are presented in Appendix D.

G. DESIGN EXAMPLE, HORIZONTALLY
CURVED STEEL I-GIRDER BRIDGE

A comprehensive example, illustrating the application of
the Recommended Specifications to the design of a three-

span horizontally curved steel l-girder bridge with four gird-
ers in the cross section, is presented in Appendix E. The

bridge has spans of 160-210-160 ft, measured along the cen-

terline ofthe bridge. The radius ofthe bridge is 700 ft at the

center of the roadway. The supports are radial with respect to
the roadway. The out-to-out deck width is 40.5 ft with the
four girders in the cross section spaced at 11 ft. Live load is

HS25 for the strength limit state and structural steel with a

specified minimum yield stress of 50 ksi used throughout.
The deck is conventional cast-in-place concrete with a spec-

ified minimum 28-day compressive strength of 4,000 psi.

The bridge is designed for a 75-year fatigue life.
Five different framing plans considering different girder

depths, cross frame spacings, and with and without lateral

flange bracing are investigated. Three options are investigated
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for web design: an unstiffened web, a transversely stiffened
web, and a longitudinally and transversely stiffened web. The
bridge is investigated for wind and thermal loadings. Steel

erection is also examined, including the need for temporary
supports. Sequential placement ofthe concrete deck is consid-
ered. A complete f,eld splice design is provided. Analyses for
the example are performed using a three-dimensional finite
element program. Comparisons are made with the results from
a two-dimensional grid analysis and an approximate one-
dimensional V-load analysis.

H. DESIGN EXAMPLE, HORIZONTALLY
CURVED, STEEL BOX-GIRDER BRIDGE

A comprehensive example, illustrating the application of
the Recommended Specifications to the design of a three-
span horizontally curved, steel box-girder bridge with two
tub girders in the cross section, is presented in Appendix F.

Like the preceding I-girder example, the bridge has spans of
160-210-160 ft, measured along the centerline of the bridge.
The radius of the bridge is 700 ft at the center of the roadway.
The supports are radial with respect to the roadway. The out-
to-out deck width is 40.5 ft, with the webs of each trapezoidaT
tub girder spaced 10 ft apart and with a clear deck span of

12.5 ft between the interior webs of each tub. Live load is
HS25 for the strength limit state and structural steel with a
specified minimum yield stress of 50 ksi used throughout.
The deck is conventional cast-in-place concrete with a spec-

ifred minimum 28-day compressive strength of 4,000 psi.
The bridge is designed for a75-year fatigue life.

The slope of the webs is one-on-four, which results in a bot-
tom flange width of 81 in. between the webs of each tub. A sin-
gle longitudinal flange stiffener is used on the box flanges in
negative moment regions. The boxes are braced internally
with K-frames in between supports. At the support lines, full-
depth intemal and external diaphragms are provided. There are
no other external braces provided between the boxes. The top
flanges of the tubs are braced with single members placed
diagonally between the tub flanges and connected directly to
those flanges. The example illustrates the computation of
transverse bending stresses using the BEF analogy and also
investigates a composite box flange option in negative moment
regions. The constructibility limit state is examined, including
consideration of sequential deck placement and the effect of
deck overhang loads. A complete teld splice design is also
provided. Analyses for the example are performed using a

three-dimensional finite element program. Comparisons are
made with the results from a two-dimensional grid analysis
and an approximate one-dimensional M/R analysis.
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CHAPTER 4

CONCLUSIONS AND RECOMMENDED RESEARCH

A. CONCLUSIONS

This project was initiated by NCHRP to update and clar-
ify the provisions of the existing Guide Spec, which are

used in conjunction with the AASHTO Bridge Specifica-
tions. The work led to the development of the recommended

specification for the design and construction ofhorizontally
curved steel girder bridges. The proposed provisions are

based on a thorough review of the literature, existing guide-

lines, laboratory testing, analytical studies, and experience

with state-of-the-art design and construction of these struc-
tures in the United States. No fundamental research was

undertaken.
The proposed provisions are presented in a format similar

to the AASHTO LRFD specifications with a parallel com-

mentary that explains and discusses application of the provi-
sions. Separate reports presenting design examples for I- and

box-girder bridges further demonstrate the application of the

provisions.
Experience has shown that erection and construction of

curved-girder bridges is often much more complex than that

of tangent girder bridges of similar span. A constructibility
limit state is introduced in the proposed provisions to ensure

that the bridge can be constructed in a practical manner. Addi-
tionally, a scheme to build the bridge is required to be devel-

oped by the designer and shown on the design plans. The

contractor is not obligated to use the scheme shown in the

plans. In fact, the provisions of Division II, Construction,
require that the contractor develop a more detailed construc-

tion plan that may, or may not, be based on the scheme shown

on the plans.

Serviceability is extended to apply to the control ofconcrete
deck cracking. Although this feature has not been provided for
in the AASHTO specifications for composite bridges, the

research team believes that serviceability should be covered for
curved-girder and skewed bridges, which are subjected to

higher torsional shears than are tangent nonskewed girder

bridges. The provisions require that longitudinal reinforcing

steel be placed in the deck wherever the computed concrete

tensile stresses during sequential deck placement or due to

overload may cause concrete cracking. AASHTO requires that

longitudinal reinforcing steel only be placed in the negative

moment regions between points of dead-load contraflexure'

The proposed provisions recognize that construction sequenc-

ing and moving loads require a broader definition of negative

moment regions.
The researchers have proposed provisions that define the

overload live load as two times an HS20 truck or lane loading
placed in the critical location in a single lane. This approach

is consistent with the original overload live load provided in
the AASHTO load factor design provisions. The effect of a
single heavy truck(s) is more critical and should be considered

in the design of curved-girder bridges, which are subject to

torsion. The proposed overload would be used to check per-

manent sef, liveJoad deflection, concrete cracking, and net

tensile stress for application of the fatigue provisions. The

loading intended for each ofthese conditions was developed

using similar logic. Also, by using the same loading for each

of these cases, the analytical work required for the design is

reduced. However, at the request of the NCHRP Project Panel,

the current AASHTO overload is implemented instead of the

proposed overload in the Recommended Specifications.

Other modifications were made, however, to the current
provisions related to loads to ensure that the application of
loads to curved bridges is logical. For example, wind loads are

defined in the provisions as unidirectional whereas they are

specified in AASHTO as either perpendicular or longitudinal
to the bridge, which obviously applies to a tangent bridge.

The provisions for compact I-sections in the Guide Spec

were not conservative with respect to some physical tests.

However, a change in the application of the corresponding
strength equations was identified that brings the tests into a
conservative position with respect to the proposed provi-
sions. Otherwise, the strength equations in the Guide Spec

for girders either were not changed or were made slightly
more liberal.

The Recommended Specifications should provide for the

design of curved-girder steel bridges that have a load capac-

ity comparable to designs prepared according to the AASHTO
load factor design provisions. The designs resulting from the
proposed provisions should be more easily buildable. The

requirement of a construction plan to be shown on the design
plarìs tends to level the bidding field by ensuring that all poten-

tial builders know how construction was considered in the

design. This information should lead to less divergent bid-
ding and fewer opportunities for misunderstandings, extras,

or claims.
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B. RECOMMENDED RESEARCH

There is every indication that the proposed specifications
are safe. There are many areas of potential savings to be
gained from further research. Cost savings are likely to be
gained in at least two ateas. Reduction of required web stiff-
ening is one area where gains are possible. Better understand-
ing of the behavior of curved girders during fabrication,
shipping, and erection should yield economic benefits through
reduced uncertainty at bidding and fewer field problems.
Greater confidence in the girder behavior during construction
should also lead to bolder designs that can be applied to a

wider variety of bridge sites. For example, the provisions are
limited to a maximum span of 300 ft. Some states presently
limit the span of curved girders to even shorter spans due to
bad experiences. Better understanding of curved-girder behav-
ior would permit more confident use of curved girders in even
longer spans.

The strength predictor equations are empirically based
on analytical work, which was limited to doubly symmetric
I-sections without longitudinal stiffeners and with a yield
stress of 50 ksi. There is a need to improve the understanding
of these members with concomitant application to a broader
range of sections, particularly singly symmetric and com-
posite I-sections. The strength predictor equations for tangent
I-girders are theoretical, whereas those for curved I-girders
are empirical. A more unified approach to l-girder strength
should be provided in AASHTO.

The proposed provisions limit the maximum spacing of
transverse web stiffeners to the girder depth. This limit has
been retained from the Guide Spec and is the same as that
used in the Hanshin Guidelines. Relief from this requirement

for some curvatures can be justified with additional testing.
Neither fatigue behavior nor strength of curved-girder webs is
well understood at this time, and it would be risky to reduce the
stiffening requirements without further analytical and experi-
mental research. Longitudinally stiffened webs have not been
investigated in the United States, although they have been stud-
ied analytically in Japan. Although the recent modifications to
the longitudinal web stiffeningprovisions in AASHTO fortan-
gent girders (in the l99l lnterims) have been modifled and
included in the proposed provisions, there is a need to improve
the understanding of this type of curved web.

The behavior ofcurved composite I-girder bridges at ulti-
mate load have not been investigated analytically or experi-
mentally. The reserve capacity of these bridges is unknown.
It is likely that curved-girder bridges fail in a manner differ-
ent from tangent girder bridges due to their larger torsion and
the associated load shifting upon yielding. The bracing
members in curved-girder bridges are treated as primary
members because of their importance. However, the true
behavior of these members in curved composite bridges has
not been adequately investigated. For example, there has
been no analytical consideration of fatigue design in these
members although the proposed provisions do address the
issue with little experimental support.

Curved girders remain one of the least understood struc-
tural elements in common use in bridge construction. The
future for the use of these elements in U.S. bridge construc-
tion is very promising as curved steel girder bridges continue
to make up an increasing portion of the American steel bridge
market. Thus, improvements in the understanding of their
structural behavior as individual members and as components
in the completed bridge will pay ever-increasing dividends.
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APPENDIX A

I.G¡RDER CURVATURE STUDY

PREFACE

AASHTO f,rst published Guide Specifications for H orizon-
tally Curved Highway Bridges in 1980. These guide specifi-
cations included allowable stress design (ASD) provisions
developed by the consortium of University Research Teams
(CURT) and approved by ballot of the AASHTO Highway
Subcommittee on Bridges and Structures in November 1916.
CURT consisted of Camegie Mellon University, the Univer-
sity ofPennsylvania, the University ofRhode Island, and Syra-
cuse University. The 1980 guide specifications also included
load factor design (LFD) provisions developed in American
Iron and Steel Institute (AISI) Project 190 and approved by
ballot of the AASHTO Highway Subcommittee on Bridges
and Structures in October 1919. The guide specifications
covered both box and l-girders.

Changes to the 1980 guide specifications were included in
the AASHTO Interim Specifications - Bridges for the years

1981, 1982, 1984, 1985, 1986, and 1990. A new version of
the Guide Specifications for Horizontally Curved Highway
Bridges was published in 1993. It included these interim
changes and additional changes but did not reflect the exten-
sive research on curved-girder bridges that has been conducted
since 1980 or many impoÍant changes in related provisions of
the straight-girder specifications.

The I-girder curvature study ofthe design and construction
of horizontally curved girder highway bridges reflects the
state of the art, both in the United States and Japan. These are

the only two countries that have issued an official or semi-
official guide specification for the design and construction of
such bridges. The I-girder curvature study was completed as

part of NCHRP Project 12-38. The following terms are used

in this appendix:

. "Previous curved-girder specifications" refers to the

1993 AASHTO Guide Specifications for Horizontally
Curved Highway Bridges ;

. LFD/ASD refers to the 1992 AASHTO Standard Spec-

ifications for Highway Bridges, and
¡ LRFD refers to the 1994 AASHTO LRFD Bridge Design

Specifications.

I. INTRODUCTION

The AASHTO Guide Specifications for Horizontally
Curved Highway Bridges (Guide Spec) (1) permit curvature
effect on vertical bending moments in the girders to be ignored

when the included angle of a span is less than that given in
Table 1.44, shown here as Table A-1. The curvature effect on

lateral flange bending, however, must be evaluated for all
curved bridges regardless of their curvature. The research

upon which Table A-1 is based has been lost.
Guidelines for the Design of Horizontally Curved Girder

Bridges (Draft) (2) by Hanshin has a similar provision per-
mitting curvature to be ignored if the bridge is only slightly
curved. Hanshin allows bridges with effective spans of
5 deg, or less, to be exempt from analysis for curvature
effects. The effective length of interior spans is def,ned as

0.6 times the average distance between bearings for each
girder and 0.8 times that length for end spans of continuous
bridges. The multiplier is 1.0 for simple spans.

This study was undertaken to determine appropriate rules
regarding approximate analyses of curved l-girder bridges. A
second purpose was to investigate guidelines regarding load
application when a straight-line girder analysis is used for a

curved I-girder bridge.
Table A-2 gives the number of I-girders, span lengths, and

radii of the six bridges studied. The bridges are all I-girder
type with flanges composed of flat plates with the web
welded along their centers. Analyses have been performed
using a three-dimensional (3D) f,nite element analysis (BSDI
3D System; Bridge Software Development International,
Ltd.) and a line-girder analysis (BSDI LGS). The BSDI3D
System accounts for curvature while the BSDI LGS is based

on assumptions of a lone, straight girder. Girder moments,
deflections, and reactions due to dead and live load for each

of two analyses are examined in each of the bridges.

II. LONGITUDINAL FLANGE STRESS COMPONENTS

A. Vertical Bending Effects

The vertical bending moment in a curved I-girder can be

divided into three components. Component 1 is the moment
due to load applied directly through the girder's shear center.
It is computed by assuming the girder is independent from
the rest of the structure.

Component 2 is the moment due to restoring forces in con-
necting members between girders. It is created when adjacent
girders have either different stiffnesses and/or different loads,
causing the deflections due to Component I moments in adja-
cent girders to be different. The connecting members between
girders impose restoring forces that tend to mitigate the dif-
ference in these deflections. Effectively, load is shifted from
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TABLE A-1 AASHTO Guide Specifications, Table 1.44

Number of
ôirclers

Angle for
I Soan

Angle for 2 or more
soans

2 2o 30

3or4 3o 40

5or
more

40 5o

the girder with the larger deflection to adjacent girders. The

differences in girder moments computed by the BSDI LGS
and the BSDI 3D for Bridge 1 are due to Component 2 effects.
Equal distribution of superimposed dead load to all stringers
and the use of wheel load distribution factors for live load are

examples of assumptions often used to compensate for Com-
ponent 2 effects when using a single girder analysis.

Component 3 is the portion of vertical bending moment
due to horizontal curvature. It is caused by the forces in con-
necting members between girders required for equilibrium of
the bridge due to curvature. These forces provide statical
equilibrium of the curved girders. Normally, curved I-gird-
ers are braced intermittently against rotation by cross frames

and continuously along the top flanges by the deck. The
restraining forces cause vertical force components in these

members. The vertical forces cause load to be shifted
between girders. Component 3 is generally characterized by
a shift of load to the exterior girder and away from the inte-
rior girder.

B. Lateral Flange Bending Effects

Component 4 is lateral flange bending that causes longitu-
dinal flange stress when the girders are subjected to non-
uniform torsion. This action also occurs when a load is applied
offthe shear center of a girder.

Lateral flange bending causes longitudinal stresses in the
flanges which vary linearly from one flange tip to an equal
and opposite value across the flange. Lateral flange bending

moment due to nonuniform torsion typically varies along the
flange as shown in Figure A-1. Radial forces shown in the
figure are from the cross frames. Axial force in the flange is
due to vefiical bending.

McManus (3) divides lateral flange bending into three
effects:

V/arping stress due to nonuniform torsion,
Radial bending due to curvature, and

Amplification due to second order effects.

Nonuniform torsion resisted by an open section causes tor-
sional warping stresses. It is a function of the third derivative
of the cross-section rotation and the section's warping con-

stant (4-6). Equilibrium requires equal and opposite action
on the top and bottom flanges called the bimoment. Lateral
flange bending moments at brace points can be estimated
with the well known V-load equation below (7):

^,í _yL
IODR

where

M¡,, - lateral flange bending moment at brace point,
M, = vertical bending moment,

/ = distance between brace points,

¿ = girder depth, and

¡ = girder radius.

The Vload equation for lateral flange moment is derived
by assuming a radial load on the flange equal to the force in
the flange divided by the radius of the girder and analyzing
the flange as a continuous beam on rigid intermediate sup-

ports. The direction of force is away from the center of cur-
vature on the compression flange and toward the center of
curvature on the tension flange. Although the bimoment and

the lateral flange bending moments result in a similar normal
stress distribution in the top and bottom flanges of a curved
I-girder, they are derived based on different modelings of
girders. Their units are different.

a

a

o

TABLE A-2 Bridge parameters

Bridge Span(s)
tft)

Girder
Depth
lln.)

Number
of Girders

Cntrline
Radius

(ft)

Bridqe 1 1 60-21 0-1 60 84 4 Straiqht

Bridqe 2 1 60-21 0-160 84 4 2,400

Bridoe 3 1 60-21 0-1 60 84 4 700

Bridoe 4 208 96 4 2.400

Bridqe 5 128 72 4 2,400

Bridqe 6 128 72 2 2,400
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Figure A- 1 . Lateral flange bending diagram.

The V-load equation for lateral flange moment is appropri-
ate when cross frames are spaced nearly equally and the cross

frames are essentially full depth of the girders. It tends to be

less accurate when the girder stiffnesses in the bridge cross

section differ and when the bridge has skewed supports.

Implicit in application of the V-load equation for lateral
flange bending is the assumption that the section is open and

the shear center is within the beam cross section. If girders
are attached to a deck, the shear center is above the deck.
Thus, the V-load equation is not as appropriate.

A secondary effect causing lateral flange bending is the
radial effect. It can be thought of as resulting from a uniform
load applied to the flanges in a radial direction (3). The lat
eral flange moment varies between brace points as shown in
Figure A-1. Unlike the nonuniform torsion load effect, the
lateral moments in the tension and compression flanges have
the same sign. These two effects can be estimated using
small-deflection elastic finite elements if the flanges and web
are modeled discretely.

A third load effect causing lateral flange bending is due to
the amplification effect, which is due to lateral deflection of
the compression flange. As the compression flange curvature
increases due to load, additional bending moment is intro-
duced by a mechanism similar to the P-delta effect. The
amplification effect can be considered only by using large-
deflection theory that considers the effect of the deflected
shape of the structure with regard to application of force.

After a portion of the flange section commences to yield,
an inelastic f,nite element solution is required. There are

other related problems in such solutions that make applica-
tion of inelastic, large-deflection flnite element computer
programs to curved girders problematic. Discussion of this
topic is beyond the scope of this report.

C. Summary of Gomponent Effects

Components 1 and 2 exist in virtually all girder bridges.
Component 21or deadload is small in a straight bridge where
supports are not skewed and equal load is applied to each
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girder and girders have the same stiffness. However, vagaries,
such as deck overhang, result in different dead loads applied
to the girders, resulting in Component 2 moments in most
practical straight bridges.

Components 3 and 4 make curved girders special and the
prediction of their strength extremely difficult. Component 3

is related to the statical behavior of curved bridges. The cen-
ter of gravity of the bridge is eccentric with respect to a line
drawn between the center of cross section at the ends shown
in Figure A-2 for the 208-ft simple span. This eccentric effect
causes the entire structure to rotate about this line. The eccen-
tricity is mitigated for continuous span bridges as shown in
Figure A-3. However, when curvature is increased as shown
in Figure A-4, or the spans are increased, the eccentricity
increases and Component 3 effects increase. Studies have
demonstrated that cross frame spacing and different girder
stiffnesses do not affect stress Component 3 significantly in
I-girder bridges because the torsional stiffness ofan I-girder
is small with respect to its vertical stiffness (8). Hanshin (2)
also defines four normal stress components similar to those
shown in Figure A-5.

III. ANALYSIS METHODS

A. General

Applicability of different analysis techniques can be sep-

arated by the components that each is capable of addressing.
Different analysis methods are capable of determining vari-
ous combinations of the load effects. However, the reliabil-
ity of results from an analysis often is dependent more on
appropriate application of the method rather than on the tech-
nique itself. Judgment is almost always required in applying
any technique to the design of curved bridges.

B. Line Girder

The line-girder analysis is the simplest technique because

it assumes vertical loads are applied to one girder. Any redis-
tribution of load between girders must be recognized by the
engineer's assumptions in determining the amount of load to
be applied to the girder.

When a line-girder analysis is used for a curved bridge,
each girder should be analyzed and the actual length of each

girder should be recognized. Different girder lengths receiv-
ing the same load intensities result in different total load
applied to each girder.

Fígure A-2. Plan, Bridge 4.
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Figure A-3. Plan, Bridge 2.

Line-girder analyses recognize only Component I effects.

Component 2 load effects cannot be considered. Application
of the V-load method, however, permits extension of the line-
girder method to consider Component 3 in certain circum-
stances. Component 4 load effects can be recognized partially
by the V-load method equation given earlier.

C. Grid

Most grid analyses assume that girder cross sections

remain plane so only St. Venant torsion is recognized. If an

open section is used, the torsional stiffness is usually negligi-
ble. Bearings are assumed at the neutral axis because the grid
model generally recognizes no section depth. For the non-

composite condition, cross frames are modeled by single

beam elements. The transverse deck bending stiffness can

also be recognized by the same transverse beam elements

using modified properties.
Grid analyses recognize Components I, 2, and 3. The

warping portion of Component 4 is recognized when the

warping degree of freedom is considered. Some grid analyses

(9-1 I) account for warping by introducing an explicit kine-
matic degree of freedom associated with warping in the ele-

ment stiffness matrix. Horizontal shear stiffness of the deck is

not recognized. Lateral flange bending can be considered

indirectly by the VJoad method.
Live load may be treated either by applying load directly

to the model or by creating influence lines or surfaces with
unit loads. If live loads are to be applied directly to the model,

a wheel load distribution factor may be used to determine
how much load is to be applied to each girder. Alternatively,
loads may be applied directly to the grid as either a series of
concentrated loads and/or uniform loads. If influence sur-
faces, or influence lines are used, live loads are applied to the

influence surfaces or lines rather than to the model. Usually
some method of applying live load to the deck overhangs is

needed such as "phantom" girders.

D. Finite Strip

One girder is modeled with the flnite strip method. Section

properties usually include warping. The method recognizes

the girder connection to cross frames and the deck, which
permits recognition of the contribution of the these elements

to enforce structural compatibility of the girder. Thus, Com-
ponents 2 and 3 are considered. The finite strip method is
able to treat the first two load effects of Component 4.

Proper determination of the portion of dead load to be

applied and a proper live-load wheel load distribution factor
are important in the application of this method.

E. Finite Element

The 3D finite element method is capable of determining
Components l, 2, and 3, if the entire superstructure is well
modeled. The method generally recognizes distortion of the
girder cross section. However, recognition of distortion pre-

vents determination of warping stresses. The four component

load effects can be determined with the exception of warping
stress. The ampliflcation component cannot be determined

with the finite element method unless a large-deflection
solution is employed.

Benefits of the 3D finite element method include recogni-
tion of lateral forces at reactions and modeling the deck as a

continuum so that horizontal shear stiffness of the deck,

including shear lag, is considered. Nevertheless, stress com-
ponents are generated rather than girder moments, shears,

and torques, Because AASHTO bridge design specifications

are written in terms of girder responses, these responses must

be derived from stresses.

A 3D finite element analysis permits influence surfaces to
be defined by placing unit loads on the deck nodes, including
deck overhangs. Influence surface generation and subsequent

loading generally requires computer post-processing because

of the large amount of data generated.

Figure A-4. Plan, Bridge 3.
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This method is used for the 3D analyses presented in this
study.

F. Orthotropic Sector

The orthotropic sector method represents the bridge as a

curved sector with the girders modeled as circumferential
stiffeners on a flat, curved plate. This method recognizes the
horizontal shear stiffness of the deck.

G. Summary of Analysis Techniques

This discussion is not an exhaustive examination of analy-
sis techniques. There are many variations of these techniques
that allow consideration of the four components in addition
to those acknowledged. The engineer, however, should have
a basic understanding of the four components and the analy-
sis method's means of considering them. Each bridge is
unique so the relative imporlance of each of the components
varies greatly from bridge to bridge.

IV. STUDY DESCRIPTION

A. General

Components I,2, and 3 of the girders in six bridges are

reported for dead and live load. Selected Component 4
results are also presented. Based on these results, recom-

mendations are made regarding
mildly curved I-girder bridges.
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simplifying assumptions of

B. Analyses

l. General

Two types of analyses are used in this study: line-girder
method and 3D finite element method. In both types of analy-
ses, the deck is assumed to be composite and to be effective in
compression and tension. Its modulus of elasticity is computed
by using the equation given in AASHTO Article 8.7.1 (12). A
value of 3n is assumed to allow for creep when analyzing the

sûuctures for superimposed dead load.

2. Line-Girder Analysis

The line-girder analysis is made by using a series of beam
finite elements with two degrees of freedom per node, which
account for vertical bending and shear. Individual girders of
each cross section are considered. The actual span length of
each girder is used. The entire deck area is used, rather than
12 times the thickness, to compute stiffnesses used in the
analyses.

3. 3D Finite Element Analysis

Girders are modeled in the 3D analyses with one shell
element representing the entire web depth and one beam
element representing each flange. Flange stiffness about all
three axes is recognized with the beam elements. All ele-
ments are planar so curvature is approximated by kinks at
each node. Cross frames are modeled as truss elements con-
nected to the top and bottom web and flange nodes. The
deck, which is modeled with eight-node solid elements, is
connected to the girders with beam elements of length equal
to the haunch height. Figure A-6 shows a schematic of a
portion of the 3D model.

The deck is effective in horizontal shear and shear lag is
considered. Poisson's ratio for concrete is assumed to be 0.15.

T=P.e

il

Component 3

m______fltr
+

Component 4

mmm

il

Component 1

+

Component 2

//_.ÁmI
m

ï
m

Figure A-6. 3D partial schematic.
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C. Bridge Description

The six I-girder bridges in Table A-2 cover a rather wide
range of curvature and framing. Bridges l,2,ar'd 3 have three
spans. Bridges 4, 5, and 6 have a single span. Girders are

spaced at I 1 ft in all ofthe bridges and support lines are radial.
A typical cross section of Bridges 1 through 5 is shown in
Figure A-7.

Bridge I acts as a control giving responses with no curva-
ture effect (i.e., Components 3 and 4 are zero, so Component
2 canbe isolated). The introduction of curvature in Bridges 2
and 3 permits the study of Components 3 and 4.

Bridges 4 through 6 have the same 2,400-ftradius as Bridge
2. Bridge 4 has approximately the same span as the interior
span of Bridges 1 through 3;however, its girder depth has been

increased. Bridges 5 and 6 have spans equal to 0.8 times
the end span of Bridges I,2, and 3, but their girder depths

have been decreased. Bridge 6 has two l-girders to investigate
bridge width.

Figure A-7 shows the framing plan of Bridge 3 (radius =
700 fÐ with cross frames spaced at approximately 16 ft.
Cross frames are spaced at approximately 24 ft in the other
bridges. All intermediate cross frames in the study are "X"
type with top and bottom chord members. The area of each

cross frame member is 5 in2.

All girders within any cross section have the same size
flanges and webs. The specified minimum yield stress of all
girder steel is 50 ksi. The deck is assumed to be cast at one

time (i.e., not staged).

All analyses are made with the assumption that the nega-
tive moment regions are fully composite. This assumption is
consistent with test data regarding service loads and is the
assumption used in the PennDOT Design Manual (13) and

encouraged in the AASHTO LRFD (14). However, the deck
is assumed cracked in the negative moment regions and only

the reinforcing steel is assumed effective when sizing girders
for strength.

Tables A-3 through A-7 shows the individual girder
lengths for Bridges 2 through 6 used in the LGS analyses.

D. Deck

The deck of each bridge is 4,000 psi normal weight con-
crete (9 in. thick). The weight of permanent steel deck forms
is considered. The haunch height is assumed to be 4 in. from
the top of the web to the bottom of the deck. Haunch width
is assumed to be 20 in.

E. Bearings

Supports are assumed free to translate and rotate about all
axes but rigid in the vertical direction in the analyses. Thus,
girders are subjected to vertical and lateral bending moments
but not thrust. In the 3D analysis, stability is accomplished
by restraining rotation about the vertical axis ofone bearing
while leaving the others free to translate in both horizontal
directions and to rotate about all axes. Only vertical loads are

applied.

F. Load Application

l. Steel

In the BSDI 3D System, steel weight includes the girders

and cross frames, which are considered effective in the 3D
System analyses. Thus, Component 2 effects are evident.

In the line girder analyses, additional load to compensate
for the cross frames is added to the girder weights. Compo-
nent 2 effects are not recognized in these analyses because

.1 Lones @ Í2'-0"

ln tetmedio (e Cross Frome
ond lnterior Supporls

Figure A-7. Four-girder cross section.



TABLE A-3 Girder lengths for Bridge 2

Girder No. Spans l, 3
tftt

Span 2
(ft)

Total
tft)

Gir. Length

Avg. Length

G1 158.90 208.56 526.36 0.993

G2 't59.63 209.52 528.78 0.998

G3 160.34 210.48 531.16 1.002

G4 161.10 211.44 533.64 1.007

Averaqe 160.00 2'10.00 530.00 1.000

Arc Angle
Deorees

3.1

0.8 span
3.0

0.6 span
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responses are due purely to loads applied to the individual
girder. Steel girder weight is recognized according to its
actual location along the girders in both analysis types.

2. Deck

The deck weight is applied as a series of concentrated
loads to the girders in both analysis methods. The deck load
is defined as the weight per foot of contributory area of deck.
On the four-girder bridges, the load applied to the exterior
girders is less than the load applied to the interior girders
because the weight of deck on the overhang is less than half
of the weight of the deck between girders.

3. Superimposed Dead Load

Superimposed dead load includes only the two parapets. In
the line-girder analyses, 320 lb/ft (64 percent) is assigned
to the exterior girders and 180 lblft(36 percent) is assigned to
the interior girders of the four-girder bridges in an attempt
to represent Component 2 effects. All of the parapet load is
actually applied to the exterior girders. The load transfer
between girders occurs through the cross frames and the deck.
In the 3D analyses, the weight ofthe parapets is applied to the
overhanging edges of the deck.

4. Live Load

The live load is HS25 made up of a uniform load with
appropriate concentrated loads, or a vehicle, whichever is
greater. There are three l2-ft-wide traffic lanes on the four-
girder bridges. Because the deck is 40-ft wide, each of the
three l2-ft-wide lanes can be shifted laterally up to 4 ft. Thus,
the lateral position of live load to produce maximum moments
in the right-most girder occurs when the traffic lanes are as

close to the right curb as possible. The opposite is true for
the left-most girder. There is only one traffic lane on the
two-girder bridge.

Wheel load distribution factors are not used in the 3D analy-
ses. Instead, individual unit loads are applied downward to
the deck surface so that influence surfaces can be produced for
the necessary responses. Live loads are applied to these influ-
ence surfaces with a special-purpose computer program. The
live load is 6-ft wide and is allowed to move laterally to within
2 ft of the edge of its lane. Liveload responses due to three
lanes of traffic are reduced to 90 percent for multþle-presence
allowance according to AASHTO (12).

In the line-girder analyses, a wheel load distribution fac-
tor (WLDF) of 2.0 (11 ftl5.5) is used for the four-girder
bridges. A wheel load of 1.5'7 (ll ft/1 .0) is used for the sin-
gle lane of traffic on Bridge 6. The WLDFs in AASHTO are

an attempt to account for the effect of Component 2 wíth

TABLE A-4 Girder lengths for Bridge 3

Girder No. Spans 1 & 3
tft)

Span 2
tftl

Total
tftì

Gir. Length

Avg. Length

GI 156.23 205.05 517.51 0.976

G2 158.74 208.35 525.83 0.992

G3 16r.26 211.65 534.17 1.008

G4 165.77 214.95 542.49 1.024

Average 160.00 210.00 530.00 1.000

Arc Angle
Deorees

10.9
0.8 soan

10.6
0.6 span
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TABLE A-5 Girder lengths for Bridge 4

Girder
Number

Span 1

tftl

Gir. Length

Avg. Length

G1 206.57 0.993

G2 207.52 0.998

G3 208.48 1.002

G4 209.43 1.007

Averaqe 208.00 1.000

Arc angle
Deqrees

5.0
1.0 span

regard to live load. The S/5.5 WLDF is developed assuming
that two lanes of traffic are placed in the critical lateral posi-

tion with respect to each girder. Similar girder stiffnesses and

spacing are assumed. Ifstiffnesses ofthe girders in the cross

section vary, the WLDFs give results too small for the stiffer
girders and too large for the less stiff girders. Typically, exte-
rior girders that are deeper than interior girders receive a

much larger portion of load than determined using the
AASHTO WLDFs. In curved-girder bridges, it is not unusual
to find the exterior girder on the outside of the curve to be

heavier than the others, which will cause that girder to attract
more load. Although AASHTO differentiates between exte-
rior and interior girders when specifying WLDFs, this dis-
tinction has not been considered.

In the line-girder analyses, WLDF for live-load deflection
of 1.50 (6 wheels/4 girders) is used for the four-girder
bridges and a WLDF of 1.0 is used for the two-girder bridge.
Thus, live-load deflections are assumed to be equal for all
girders.

The designs are made assuming the AASHTO V/LDF,
S/5.5. AASHTO has recently introduced new WLDFs in the
Guíde Specifications for Distribution of Loads for Highway
Bridges (15). The AASHTO LRFD has introduced a vaia-
tion of these factors (14). The LRFD provisions use the
"lever" method for certain girder arrangements including
exterior girders. Use of WLDFs different from S/5.5 and

TABLE A-6 Girder lengths for Bridge 5

Girder No. Span 1

(Feet)
Ratio

G1 127.12 0.993

G2 127.71 0.998

G3 128.29 1.002

G4 128.88 1.O07

Averaqe 128.00 1.000

Arc angle
Deorees

3.1
1.0 soan

TABLE A-7 Girder lengths for Bridge 6

Girder No. Span 1

lft)
Ratio

G,I 127.71 0.998

G2 128.29 1.O02

Averaqe 128.00 1.000

Arc angle
Deorees

3.1
1.0 span

S/7.0 would obviously affect the live-load comparisons here.

The new WLDFs (except for the lever rule) are developed for
bridges with no cross frames (15). This assumption is not
appropriate for curved girders and is of questionable valid-
ity for almost any steel girder bridge. In the other extreme,
the lever method assumes rigid behavior of the bridge cross

section.
Tables A-8 and A-9 show a comparison of the new

AASHTO Guide Specifications for Distribution of Loads

for Highway Bridges, the new AASHTO LRFD, and the

AASHTO classical S-over methods to the equivalent WLDFs
developed from the 3D analyses for Bridge l. For example,
to determine the 3D equivalent WLDF for G4 at the pier, the
following procedure is used. From Table I-8 (Annex I), the
3D live-load moment is -4,630 k-ft, while the LGS moment
is -4,856 k-ft. The LGS moment is determined from a

V/LDF of 2.0, which means that one lane of traffic (2 wheels)
is applied to the girder. It is possible to determine the 3D
equivalent IVLDF by multiplying the ratio of the 3D moment
divided by the LGS moment by 2.0. Using this approach, the
equivalent 3D WLDF equals 2.0 x (-4,630/-4,856) = 1.91.

Equivalent V/LDFs for the single-lane condition are devel-
oped using values for one lane loaded. WLDFs for G3 are

developed in a similar manner.
Because G4 is the critical exterior girder, it is used in

determining the 3D WLDFs for the exterior girder. The

WLDFs for G3 and G4, Bridge 1, are shown in Tables A-8
and A-9, respectively. The lines denoted by "(M)" are for the
multipleJane condition while those denoted by "(S)" are for
the single-lane condition. Moments for a single-lane straight
bridge are not reported.

AASHTO Article 3.23.2.3 (12) specifies that the simple
beam method of distribution be used for the exterior girders;

however, the exterior stringer is required to have not less

capacity than an interior stringer. Therefore, a WLDF of S/5.5

is used for the exterior girders. Generally, S/5.5 in the LGS
analysis gives G4 moment closer to the 3D analysis for Bridge
1 than does either the new Guide Specification for Load Dis-
triburion or the AASHTO LRFD. Ratios of the Vy'LDFs by the

three methods are divided by the equivalent 3D \ü/LDFs as

shown in Tables A-8 and A-9. A ratio less than 1.0 indicates
that the approximate method gives unconservative live-load
moments compared to the 3D analysis.



TABLE A-8 Wheel load distribution factors for G3, Bridge I (interior girder)

Case
AASHTO

Guide
(1)

AASHTO
LRFD
e\

AASHTO
S/Over

t3l

3D
Equiv

Á\

Ratio
(1)t(4)

Ratio
(2y(4)

Ratio
(3y(4)

160(M)
ts)

1.49
0.98

1.42
0.93

2.00
1.57

1.45
0.83

1.03
1 .18

0.98
1.12

1.38
1.89

210(M)
lsl

1.43
0.91

1.36
0.87

2.OO

't.57
1.44
0.72

0.99
1.26

0.94
'l.21

1.39
2.18

Pie(M)
tsl

1.53
0.99

1.39
0.90

2.00
1.57

1.56
0.81

0.98
1.22

0.89
1.11

1.28
1.94
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V. RESULTS

A. General

Reactions, maximum moments, and maximum deflections

for each girder of each bridge are reporled. Results are pre-

sented separately for steel, deck, parapet, andlive load. Results

by both LGS and 3D analyses are presented.

Dead- and live-load reactions for the 3D and line-girder
analyses are compared in Tables I-1 through I-4. End re-

actions are identif,ed as Rl; and interior reactions on the con-

tinuous span bridges are identified as R2. The ratio computed

by dividing each 3D value by the corresponding LGS value is

shown for each pair of data. The sums of the reactions for each

girder also are presented. A comparison of the sums of dead-

load reactions for the two types of analyses shows that the

dead loads applied in the two analyses are essentially equal.

Thus, differences in responses are due to different assump-

tions in loading and to different analytical considerations, not
different dead loads.

Reactions of Bridge 3 demonstrate the effect of curvature
on multispan girder bridges. Interior reactions, R2, due to
deck weight on Gl are larger than the comparable LGS re-

actions, while the 3D end reactions, R1, on Gl are smaller
than the comparable LGS reactions. Girder G4 exhibits the

reverse behavior. This effect is due to the bridge attempting
to rotate about a longitudinal axis through its center of grav-
ity. The center of weight of the end spans times their distance

from this axis counters the center of weight of the center span

times its distance from the same axis. These differences in
reactions are manifest in the 3D analysis because static equi-
librium of the entire bridge must be satisfied. This effect is

typical of multispan curved-girder bridges.
Maximum moments in each span and at the piers of the

continuous bridges are reported for steel, deck, parapet, and

live load in Tables I-5 through I-16.
By comparing the sums of responses for dead-load

moments in the four girders for the 3D and LGS analyses at a

cross section, the accuracy of the analyses can be ascertained.

The statical moment at any section in a structure is a constant,

regardless ofthe analysis. It equals the sum ofthe LGS dead-

load moments in the girders at a cross section. The sum of
the 3D moments should equal the comparable LGS sum. The

sums of the 3D and LGS dead-load moments are, in fact, very
nearly equal. It is not possible to make a similar comparison
for live-load moments because the critical moment for each

girder occurs from a different liveload position.

Maximum deflections in each span for steel, deck, and para-

pet loads are presented in Tables I-17 through I-20. Deflection
is particularly important in curved bridges because un-

predicted deflections have been the source of many problems

during construction. One of the significant differences between

curved and straight bridges is the difference in deflection

between the inside and outside girders.

Live-load deflections by the LGS are made assuming that
the girders participate uniformly for all three traffic lanes

loaded. On Bridges 1 through 5, the WLDF for deflection
equals 1.5 (6 wheels/4 girders). For Bridge 6, the factor is

TABLE A-9 Wheel load distribution factors for G4, Bridge 1. (exterior girder)

Case
AASHTO

Guide
(1)

AASHTO
LRFD
e\

AASHTO
S/Over

t3l

3D
Equiv

Ø\

Ratio
(1Y(4)

Ratio
(2)t(4)

Ratio
(3y(4)

160(M)
tsl

1.58
1.31

1.45
1.25

2.00
1.57

1.78
L19

0.89
1,10

0.81
1.05

1.12
1.32

210(M)
ts)

1.58
1.31

1.39
1.25

2.00
'1.57

1.78
1.19

0.89
1.10

0.78
L05

1.12
1.32

rrer(vu
(s)

t,oc
1.38

1.42
1.25

z.w
1.57

1.91

1.32
u.öo
1.05

u.I+
0.95

1.U5
1.19
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computed for one lane on two girders, so the factor is 1.0.

The 3D analysis uses influence surfaces to determine maxi-
mum live-load deflections. The 3D live-load deflections
given are due to 90 percent ofthree lanes loaded, plus impact.

Table A-10 gives allowable live-load deflections based on
span over 800 and span over 1,000. Comparison of permit-
ted values with 3D tabulated values shows that G4 deflec-
tions exceed the limit ocassionally, while the other girders
do not.

B. Component 1

Component I is simply the result of the LGS analyses of
Bridge 1, which is the result for loads assigned to the indi-
vidual girders. In the cases of steel weight and deck weight,
the applied loads are computed with no distribution. Parapet

weight is assigned in the LGS analyses as discussed earlier.
Thus, parapet moments from the LGS are not truly Compo-
nent 1, because all of the parapet load is actually applied to
the exterior girders. Moments due to one parapet can be esti-
mated in Bridge I as the sum of parapet moments in Gl and

G2. LiveJoad results from the LGS are based on a V/LDF that
also considers distribution, thus LGS responses for parapets

and live load are not true Component 1 values.

C. Component2

Component 2 can be determined from the differences
between the LGS and the 3D responses for Bridge 1, If loads
are assigned perfectly in the LGS analyses to account for
load transfer, Component 2 would appear to be zero by this
method. In the case of steel and deck loads, the difference in
LGS and 3D results gives a pure Component 2. Because an

assumption of parapet load distribution is made in antici
pation of Component 2, lhe true Component 2 is larger than
reported.

The sums of LGS reactions for each dead load for a girder
give the total dead load applied to the individual girders.
TableI-2a shows that the deck load applied to Gl in Bridge
I equals 702 kips and the deck load applied to G2 is 784 kips.
The difference in load between Gl and G2 is 82 kips. This
difference occurs because the deck overhang is less than half
of the girder spacing. In the 3D analysis, the difference in
load applied to each girder is the same; however, the differ-
ence in total reactions of Gl and G2 is only I 8 kips, or 2 per-

TABLE A-10 Allowable live-load deflections (in.)

Limit
Span (ft)

128 160 210

Span/800 1.92 2.40 3.15

Span/1,000 1.54 1.92 2.52

cent. The change is due to the action of the cross frames that
is recognized in the 3D analysis. The cross frames transfer
64 kips (82 - 18) of dead load from each interior girder to
each exterior girder. Thus, the total vertical component ofthe
force in the cross frames in the bay between Gl and G2 is
64 kips for the dead load. This shift of load is the cause of
Component 2 moments. Similar comparisons of the data
from Bridge I can be made.

Tabulations of differences of the 3D to LGS ratios for
reactions, moments, and deflections for G4, Bridge 1, are

presented in Tables I-21 throughl-24. These values represent
Component 2 as aportion of Component 1. Because the cross

section of the four-girder bridges in this study are the same,

Component 2 is assumed to be the same for the other bridges
except for Bridge 6. It is reasonable to assume that half of the
dead load in each case is assigned to the two girders in Bridge
6. Live-load Component 2 cannot be evaluated for Bridge 6.

Table I-10a shows that for Bridge 1, the difference between
G1 and G2 LGS deck moments in the 160-ft span is 236 k-ft.
The comparable difference in 3D moments in Gl and G2
is nearly zero, which indicates that a shift of approximately
115 k-ft from G2 to G1 occurred. The shifted moment is Com-
ponent 2. The 3D analysis shows that a reasonable distribution
of deck load for Bridge 1 would have been to distribute the

total deck weight per unit length, equally to the girders.

The loading used in the LGS analyses represents what
would happen if no cross frames were effective when the

deck is cast. The actual deflections of the girders need to be

considered when specifying their camber. In this case, there
is essentially no difference in deflection of the girders of
Bridge 1 due to deck load when cross frames are acting,

D. Component3

Comparisons of the LGS analyses with the 3D analyses for
the curved girders show a combined effect of Components 2

and 3, so it is difficult to identify Component 3 directly.
Because Component 2 has already been defined, Component
3 can be determined by subtracting Component 2 from the
total difference between the 3D results and the LGS results
for the curved bridges.

Using the deck moments in Table I-10a, Component 3

moments can be determined for the curved four-girder bridges.
It is assumed that Component 2 remains 0.06 times Compo-
nent 1 in G4 for Bridges 2 through 5. For Gl, Bridge 2,Com-
ponent 3 equals -0.04 (1.02 - 1.06) times Component 1. For
Gl, Bridge 3, Component 3 equals -0.21 (0.85 - 1.06) times

Component 1. For G4, Bridge 2, a comparable value is: 1 . 1 1 -
1.06 = 0.05. For G4, Bridge 3, a comparable value is: 1.23 -
1.06 = 0.17. Moments in G2 and G3 computed by 3D analysis
for Bridges 2 and3 remain nearly the same percent of the LGS
moment as for Bridge 1. Thus, Component 3 moment for these

girders is essentially zero. Other comparisons of Components
2 and3 can be made from the data repofed.
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Comparison of liveload moments involves different as-

sumptions. Because the same WLDF was used for Gl and G2,

their LGS liveload moments are the same for Bridge 1. The

Bridge 1 3D live-load moment of Gl at the pier is 0.93 times

the LGS value in Bridge 1 as seen in Table I-8. In the interior
girders, the LGS liveload moments are larger than the compa-

rable 3D moments in Bridge 1. The reason for this reversal is

that the WLDF underestimates the ability of the cross frames

and deck to transfer live load from the interior gilders.

E. Component 4

Bottom flange lateral bending moments by the V-load
equation and the 3D analyses are reported for dead and live
loads at the center of the 210-ft span and at the piers for
Bridges 1,2, and 3 in Tables I-24 and I-25. The ratio of the

3D value divided by the V-load value are presented. The 3D
values for Bridge 1 are 0 for dead load as expected, how-
ever, live load produces some lateral bending. Lateral flange

bending is typically ignored in design of straight girders.

The V-load method provides a reasonable estimate of the

lateral bending moment in these examples where lateral bend-

ing is due to only curvature. Even in Bridge 2 with a radius of
2,400 ft, the lateral flange moments are of magnitude that

should not be ignored in design.

The lateral flange bending moment, M¡o,,can be addedto the

vertical bending stress to cause full yielding of the flange as

shown in Figure A-8. This situation is normally assumed to

occur at cross frame locations (1).

The elastic lateral flange moment equals M,o,= f**,
where B equals the flange width. From Figure A-8, the plas-

tic lateral flange moment can be written as M¡",=f,C(B - C).
The thickness ofthe flange has been ignored.

But the elastic and plastic lateral flange moments are equal.

The portion of the flange required for the lateral moment, C
can be determined by solving the quadratic equation:

fyc(B-c)= f*
82

6

Rewriting:

C2_BC+

Solving for C.'

C_

The vertical bending stress, $, permitted with the plastic
lateral moment can be computed as follows:

f,= f,(L#)

If the vertical bending stress,/6, plus one-third of the lat-
eral bending stress, J,, is less than the specified minimum
yield stress of the flange, there is adequate flange capacity to
develop simultaneously the plastic lateral flange moment and

the axial force due to vertical bending.

F. Cross Frames

Cross frames are an important element in curved I-girder
bridges because they transmit loads between the girders

required for equilibrium. If a straight-girder analysis is to suf-

fice for a curved-girder bridge, then the cross frame members

should also be adequate, Without an analysis that considers

these members, there are two possible approaches. It can be

assumed that the nominal strength of these members is ade-

quate. Alternatively, it is possible to assume some arbitrary
strength be used to ensure their adequacy.

To evaluate these alternatives, the forces in the critical
cross frame diagonal member for the six bridges from the 3D
analyses are summarized in Table A-11. The members are

from the bay between G4 and G3 at the piers in the three-

span bridges and from the bay near midspan of the simple-
span bridges, It is apparent that as curvature increases, the

cross frame forces increase.

fnB'=o
f,, 6

B.l
-t-2- 2

_2f,,8'
?f

Figure A-8. Combined lateral bending and vertical bending stresses.
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TABLE A-11 Critical diagonal cross frame unfactored
forces (kips)

Bridge Steel Deck Para-
nel

Live
Load

Total

Bridqe I 1 -4 -7 -4 -16

Bridqe 2 -2 -8 -8 -b -24

Bridoe 3 -5 19 '11 12 -47

Bridoe 4 3 I -10 13 15

Bridoe 5 1 5 12 10 16

Bridoe 6 1 4 -3 4 6

As with moments, the results from Bridge 1 can be thought
of as Component 2 in the cross fr¿ìmes. The difference between
the cross frame forces in Bridges 2 and3 and those in Bridge
1 are due to Component 3. In Bridges 4 through 6, the reporled
forces at midspan are not comparable to those in Bridge 1.

These results are anecdotal because other parameters may
affect their magnitude. If the girder spacing were wide and the
overhang smaller, cross frame forces due to deck load would
be larger because the relative difference in loads applied to the
girders would be greater. If the deck overhang were larger,
liveload force would be larger. If the girder flexibility is
increased, cross frame forces increase because relative deflec-
tion between the girders increases. Larger cross frame spacing
would also cause an increase in their forces.

The Component 3 forces in Bridge 2 are 50 percent greater
than Component 2 forces, but increase 300 percent over
Component 2 in Bridge 3. The Component 3 forces in the

simple-span bridges appear to be less critical than those at the
piers of continuous spans.

G. Summary

The responses from analyses of curved-girder bridges can
be divided into components. Component 2 occurs when the
energy in a straight-girder bridge is distributed according to the
minimum energy theorem. This component causes changes in
the girder reaction, moments, and deflections. It does not, how-
ever, cause an increase in the total moment in the bridge at a

cross section. These changes are manifest in forces in the cross

frames or diaphragms and the deck connecting adjacent gird-
ers. In addition, Components 3 and 4 exist in curved-girder
bridges.

Results from this study show that in normal I-girderbridges,
Component 2 moments vary between plus and minus 10 per-
cent of Component 1, except for parapet loading, which may
have a larger variation. However, the parapet load is usually
small so the larger variation is not significant. There may be
exceptions that deserve special consideration such as sound
barriers.

Component 3, as a percent of Component 1, varies much
more widely. When the curve within a span is greater than 3

deg, Component 3 usually exceeds 10 percent. Because
Component 2ranges up to 10 percent and is ignored in most
designs, it is reasonable to ignore Component 3 when it is
less than 10 percent. Therefore, Component 3 does not need
to be considered for I-girderbridges with curvature within an

effective simple span less than 3 deg.

Although Component 4 is small in many curved bridges,
the research team recommends that it always be considered.

Nominal cross frame designs suffice for Component 2
forces in normal straight bridges. In curved bridges of moder-
ate curvature, these members appear to have relatively small
Component 3 forces, although, as a portion of Component 2,

they appear to be significant. Perhaps there could be specific
cross frame details for curved bridges that provide minimal
strength and proper connections. Cross frames on curved-
girder bridges should be required to have a top chord because

the noncomposite girder causes pronounced moments in the

cross frames.

The bridge capacity at any cross section is of interest.
Review of the moment tables shows that the total moment
capacities ofthe four-girder bridges are nearly constant at any
comparable cross section, regardless ofcurvature. Thus, ifthe
bridge is designed for the moments in the girders, the total
moment capacity of the four girders in thebridge is essentially
the same regardless of the curvature. However, the method of
computing the live load gives highly variable moments.

In the four-girder bridges, the IVLDF is 2.0, which results
in one lane of traffic per girder, for a total capacity of four
lanes. However, only three l2-ft traffic lanes fit on the deck
cross section. Applying the AASHTO multiple presence fac-
tor of 0.90 yields a maximum design condition of 2.7 lanes.

According to the LGS analysis of Bridges 1,2, and 3, the total
live-load pier moment only varies from -19,300 to -19,307
k-ft as seen in Table I-8. The 3D results have a similar range,
although the total is less. Since the WLDF is 2.0, the required
live load for 2.7 lanes of traffic capacity can be computed as:

6 wheels x 0.90
-19,300 x = - 13,032k-ft

2 wheels/girder

The total 3D live-load moment is about -16,300 k-ft at the
piers. This value is greater than the 13,000 k-ft required for
2;7 lanes.In G4, Bridge 3, the 3D and LGS live-load moments
are essentially equal. In G4, Bridge 2, the difference is only
5 percent. Table A-9 shows that the LRFD WLDF would give
a live-load moment in G4 that is only T4percent of that from
the 3D analysis. Thus, an approximate design of Bridge 2

using the LRFD WLDFs would cause an unconservative
prediction of live load in G4.

VI. CONCLUSIONS

These results indicate that a line-girder analysis of curved
bridges with 3 deg of curvature between points of zero moment
provides dead- and live-load reactions, moments, and deflec-



tions within 10 percent of those from a ref,ned 3D finite ele-

ment analysis if S/5.5 is used for live load and a reasonable

estimate of superimposed dead load is used. Therefore, the

proposed curved-girder specification should allow a straight-

girder analysis to be used for veftical bending effects for
bridges with no skew and spans with curvature of 3 deg or less

if an S/5.5 WLDF is used for all girders. This WLDF should

also be used for live-load deflection of the outside girder

rather than uniform participation. The straight line analysis

ANNEX I

ANALYSIS RESULTS

6l

appears to be appropriate for the first three components of
stress discussed earlier.

The effect of curvature on the fourth stress component,

however, must be considered in all curved girders. This is the

effect of nonuniform torsion that is manifest in lateral flange

bending stress. All bridges with curved girders must be

designed by using the curved-girder provisions. The Vload
equation used in this report is adequate to predict lateral

flange bending for curved bridges.

TABLE l-la Steel reactions (kips)

Girder
Reaction

Bridge 1

Straight
Bridge 2

R = 2,400 tt
Bridge 3
R=700ft

LGS 3D Rat LGS 3D Rat LGS 3D Ral

G1

R1 18 20 't.11 18 19 1.06 18 16 0.89

R2 78 80 1.03 78 81 1.04 77 81 1.05

Total 192 200 1.04 192 200 1.04 190 194 1.O2

G2

R1 20 21 1.05 20 21 1.05 20 20 1.00

R2 85 82 0.96 85 81 0.95 84 80 0.95

Total 210 206 0.98 210 202 0.96 208 200 0.96

UJ

R1 20 21 1.05 20 22 1.10 20 22 1.10

R2 85 82 0.96 85 82 0.96 85 86 1.01

Total 210 206 0.98 210 208 0.99 210 216 1.03

G4

R1 18 20 1.11 18 21 1.17 19 23 1.21

R2 78 80 1.03 78 80 1.03 80 78 0.98

Total 192 200 1.04 192 202 1.05 198 202 1.02

otal 804 812 1.01 804 812 1.01 806 812 1.01

TABLE l-lb Steel reactions (kiPs)

Girder
Bridge 4 Bridge 5 Bridge 6

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 58 48 0.83 20 19 0.95 20 18 0.90

G2 61 59 0.97 22 22 1.00

G3 62 65 1.05 22 23 1.05

G4 59 70 1 .19 20 22 1 .10 20 23 1.15

Total 240 242 1.01 84 86 1.02 40 41 1.03
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TABLE I-2a Deck reactions (kips)

Girder
Reaction

Bridge 1

Straighl
Bridge 2

R = 2,400 ft
Bridge 3
R=700ft

LGS 3D Rât LGS 3D Rât LGS 3D Rat

G1

R1 74 78 1.05 73 74 1.01 72 63 0.88

A2 277 290 1.05 275 291 1.06 271 292 1.08

Total 702 736 1.05 696 730 1.05 686 710 1.03

G2

R1 83 80 0.96 83 79 0.95 82 76 0.93

R2 309 297 0.96 308 294 0.95 307 291 0.95

Total 784 754 0,96 782 746 0.95 778 734 0.94

G3

R1 83 80 0.96 83 81 0.98 83 84 1.01

R2 309 297 0.96 310 301 0.97 312 313 1.00

Total 784 754 0.96 786 764 0.97 790 794 1.01

G4

R1 74 78 1.05 75 82 1,09 76 91 1.20

R2 277 290 1.05 279 288 1.03 284 279 0,98

Total 702 736 1.05 708 740 1.05 720 740 1.03

Total 2,972 2,980 1.00 2,972 2,980 1.00 2,974 2,978 1.00

TABLE I-2b Deck reactions (kips)

Girder
Bridge 4 Bridge 5 Bridge 6

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 137 118 0.86 84 82 0.98 85 76 0.89

G2 153 142 0.93 94 90 0.96

G3 154 156 1.01 95 93 0.98

G4 139 169 1.22 85 95 1.12 85 94 1.11

Total 583 585 1.00 358 360 1.01 170 170 1.00
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TABLE I-3a Parapet reactions (kips)

Girderi
Reaction

Bridge 1

Straight
Bridge 2

R = 2,400 ft
Bridge 3
R=700ft

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1

R1 18 18 1.00 18 17 0.94 17 14 0.82

R2 66 66 1.00 66 66 1.00 65 64 0.98

Total 168 168 1.00 168 166 0.99 164 156 0.95

v¿

R1 10 11 1.10 10 10 1.00 10 10 1.00

R2 37 37 1.00 37 36 0.97 37 36 0.97

Total 94 96 1.02 94 92 0.98 94 92 0.98

G3

R1 10 1'l 1.10 10 11 1 .10 10 t1 1.10

R2 37 37 1.00 37 38 1.03 37 40 1.08

Total 94 96 1.02 94 98 1.04 94 102 1.09

G4

R1 18 18 1.00 18 18 1.00 18 20 1.11

R2 66 66 1.00 66 67 1.02 68 67 0.99

Total 168 168 1.00 168 170 1.01 172 174 1.01

otal 524 528 1.01 524 526 1.00 524 524 1.00

TABLE I-3b Parapet reactions (kips)

Girder
Bridge 4 Bridge 5 Bridge 6

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 33 24 0.73 20 19 0.95 32 28 0.88

G2 18 22 1.22 11 11 1.00

G3 19 25 1.39 11 12 't.'t0

G4 33 33 1.00 20 22 1 .10 32 35 1.09

Total 102 104 1.02 62 64 1.03 64 63 0.98



TABLE I-4a Live-load reactions (kips)

Girder/
Reaction

Bridge 1

Straight
Bridge 2

R = 2,400 ft
Bridge 3
R=700ft

LGS 3D Ral LGS 3D Rat LGS 3D Rat

G1

R1 107 96 0.90 107 94 0.88 105 87 0.83

R2 244 214 0.89 243 218 0.90 239 216 0.90

Total 702 628 0.89 700 624 0.89 688 606 0.88

G2

R1 107 83 0.78 107 82 0.77 r06 82 0.77

R2 244 193 0.79 244 190 0.78 242 188 0.78

Total 702 552 0.79 702 544 o.77 696 540 0.78

G3

R1 107 83 0.78 108 85 0.79 107 89 0.83

R2 244 193 0.79 245 194 o.79 245 201 0.82

Total 702 552 0.79 706 558 0.79 704 580 0.82

G4

R1 107 96 0.90 107 100 0.93 108 108 1.00

R2 244 218 0.89 246 217 0.88 248 209 0.84

Total 702 628 0.89 742 634 0.85 712 634 0.89

otal 2,808 2,360 0.84 2,850 2,360 0.83 2,800 2,360 0.84

TABLE I-4b Live-load reactions (kips)

Girder
Bridge 4 Bridge 5 Bridge 6

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 132 110 0.83 99 86 0.87 79 72 0.91

G2 133 101 0.76 100 80 0.80

G3 133 109 0.82 100 81 0.81

G4 133 128 0.96 101 92 0.91 79 78 0.99

Total 531 448 0.84 401 339 0.85 158 150 0.95

TABLE I-5 Steel moments (k-ft), pier

Girder

Bridge 1

Straioht
Bridge 2

Radius = 2,400tI
Bridge 3

Radius = 700 ft

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 -1 ,349 -'t.404 1.04 -1,340 -1,353 1.01 -1,286 -1,244 0.97

G2 -1,464 -1,412 0.96 -1,460 -1,39s 0.96 -1,441 -1 ,375 0.95

G3 -'t,464 -1,412 0,96 -1,470 -'t,435 0.98 -1.487 -1,509 1.01

G4 -1,349 -1,404 1.04 -1,361 -1,457 1.07 -1,413 -1,s86 1.12

Total -s,626 -5,632 1.00 -5,631 -5,640 1.00 -5,627 -5,714 1.02
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TABLE I-6 Deck moments (k-ft), pier

Girder

Bridge 1

Straiqht
Bridge 2

Radius = 2,400t|
Bridge 3

Rad¡us = 700 ft

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 -5,096 -5,457 1.O7 -5,080 -5,255 1.03 -4,870 -4,829 0.99

G2 -5,693 -5,506 0.97 -5,682 -5,436 0.96 -5,594 -5,357 0.96

G3 -5,693 -5,506 0.97 -5,754 -5,596 0.97 -5,773 -5,882 1.O2

G4 -5,096 -5,457 1.O7 -5,131 -5,665 1.10 -5,340 -6,164 1 .15

Total -21,578 -21,926 '1.02 -21,547 -21,952 1.01 -21,577 -22,232 1.03

TABLE I-7 Parapet moments (k-ft), pier

Girder

Bridge 1

Straiqht
Bridge 2

Radius = 2,400ll
Bridge 3

Radius = 700 ft

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 1 ,196 1 ,106 0.93 1 ,180 -1 ,057 0.90 -1 ,140 -953 0.84

G2 -67'l .860 1.28 -661 -843 1.28 '-661 -824 1.25

G3 -671 -860 1.28 -678 -880 1.30 -682 -946 1.39

G4 1 ,196 -1,106 0.93 -1,230 1 ,158 0.94 -1,253 -1,282 1.02

Total -3,734 -3,932 1.05 -3,749 -3,938 1.05 -3,736 -4,006 1.07

TABLE I-8 Live-load moments (k-ft), pier

Girder
Bridge 1

Straight
Bridge 2

Radius = 2,400 ft
Bridge 3

Rad¡us = 700 ft

LGS 3D Ral LGS 3D Rat LGS 3D Rat

G1 -4,825 -4,476 0.93 -4,795 -4.317 0.90 -4,632 -3,927 0.85

E¿ -4,825 -3,663 0.76 -4,803 -3,594 0.75 -4,759 -3,513 o.74

G3 -4,825 -3,663 0.76 -4,849 -3,751 o.77 -4,893 -4,029 o.82

G4 -4,825 -4,476 0.93 -4,856 -4,630 0.95 -5,023 -4,961 0.99

Total -19,300 -16,278 0.84 -19,303 -16,292 0.84 -19,307 -16,430 0.85

TABLE I-9a Steel moments (k-ft), 160-ft span

Girder

Bridge 1

Straioht
Bridge 2

Radius = 2,400 ft
Bridge 3

Radius = 700 ft

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 509 521 1.O2 492 489 0.99 483 405 0.84

G2 556 522 0.94 546 510 0.93 544 442 0.89

G3 556 522 0.94 567 532 0.94 582 543 0.93

G4 509 521 1.02 s34 553 1.04 531 625 1.18

Total 2,130 2,086 0.98 2,139 2,084 0.97 2,120 2,055 0.97



TABLE I-9b Steel moments (k-ft)

Girder Bridge 4 Bridge 5 Bridge 6

LGS 3D Rat LGS 3D Ral LGS 3D Ral

G1 3,260 2,706 0.83 683 645 0.94 105 87 0.83

G2 3,452 3,1 67 0.92 752 687 0.91

G3 3,484 3,617 1.04 754 728 0.97

G4 3,351 4,067 1.21 702 768 1.09 108 108 1.00

Total 13,547 13,557 1.00 2,891 2,818 0.97 213 195 0.92

TABLE I-10a Deck moments (k-ft), 160-ft span

Girder

Bridge 1

Straiqht
Bridge 2

Radius = 2,400 ft
Bridge 3

Radius = 700 ft

LGS 3D Ral LGS 3D Rat LGS 3D Rat

G1 2,043 2.170 1.06 1,994 2,025 1_O2 1,953 1,656 0.85

G2 2,279 2,174 0.95 2,268 2,126 0.94 2,243 2,003 0.89

G3 2,279 2,174 0.95 2,287 2,220 o.97 2,382 2,322 0.97

G4 2,O43 2,170 1.06 2,083 2,310 1.1 1 2,141 2,633 1.23

Total 8,644 8,688 1.01 8,632 8,681 1.01 8,719 8,615 0.99

TABLE I-10b Deck moments (k-ft)

Girder
Bridge 4 Bridge 5 Bridge 6

LGS 3D Ral LGS 3D Rat LGS 3D Rat

G1 7,104 6,245 0.88 2,690 2,692 1.00 2,715 2,474 0.91

G2 7,977 7,316 0.92 3,031 2,872 0.95

G3 8,051 8,365 1.04 3,035 3,043 1.00

G4 7,301 9,408 1.29 2,765 3,210 I .16 2,740 3,114 1.14

Total 30,433 31 ,334 1,03 11,521 11,817 1.03 5.455 5,588 1.02

TABLE I-lla Parapet moments (k-ft), 160-ft span

Girder

Bridge 1

Stra¡qht
Bridge 2

Radius = 2,400 ft
Bridge 3

Radius = 700 ft

LGS 3D Rat LGS 3D Rat LGS 3D Ral

G1 503 405 0.81 490 375 0.77 481 298 o.62

G2 284 375 1.32 277 366 1.32 279 342 1.23

G3 284 375 1.32 291 385 1.32 288 405 1.41

G4 503 405 0.81 524 434 0.83 s28 499 0.95

Total 1,574 1,560 0.99 1,582 1,560 0.99 1,576 1,544 0.98

TABLE [-llb Parapet moments (k-ft)

Girder
Bridge 4 Bridge 5 Bridge 6

LGS 3D Rat LGS 3D Bat LGS 3D Rat

G1 1,706 1,107 0.65 646 491 0.76 1,586 1,395 0.88

G2 968 1,289 1.33 366 485 1.33

G3 977 1,470 1.50 368 517 1.40

G4 1,754 1,669 0.95 664 590 0.89 1,600 1,703 1.06

Total 5,405 5,535 1.O2 2,O44 2,083 1.O2 3,186 3,098 o.97



TABLE I-12a Live-load moments (k-ft), 160-ft span

TABLE I-14 Deck moments (k-ft), 210-ft span

Girder

Bridge 1

Straioht
Bridge 2

Radius = 2,400 tl
Bridge 3

Rad¡us = 700 ft

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 3,362 2,850 0.85 3,308 2,716 0.82 3,235 2,404 o.74

G2 3,362 2,356 0.70 3,343 2,282 0.68 3,319 2,132 0.64

G3 3,362 2,356 0.70 3,385 2,439 o.72 3,409 2,667 0.78

G4 3,362 2,850 0.85 3,41 1 2,989 0.88 3,496 3,411 0.98

Total 13,448 10,412 0.77 13,447 10,426 0.78 13,459 10,614 0.98

TABLE I-l2b Live-load moments (k-ft)

Girder Bridge 4 Bridoe 5 Bridqe 6

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 6,248 4,949 0.79 2,792 2,380 0.85 2,209 1,777 0.80

G2 6,295 4,335 0.69 2,813 2,033 0.72

G3 6,346 4,872 o.77 2,834 2,'134 0.75

G4 6,397 6,127 0.96 2,856 2,608 0.91 2.223 2,001 0.90

Total 25,286 20,283 0.80 11,295 9,155 0.81 4,432 3,778 0.85

TABLE I-13 Steel moments (k-ft),210-ft span

Girder

Bridge 1

Straiqht
Bridge 2

Radius = 2,400 tl
Bridge 3

Radius = 700 ft

LGS 3D Rat LGS 3D Rat LGS 3D Ral

G1 599 616 't.03 590 571 0.97 571 453 0.79

G2 649 616 0.95 644 601 0.93 639 554 o.87

G3 649 616 0.95 654 630 0.96 659 649 0.98

G4 599 616 1.03 608 658 1.08 627 741 1.18

Total 2,496 2,464 0.99 2,496 2,460 0.99 2,496 2,397 0.96

Girder

Bridge 1

Straiqht
Bridge 2

Radius = 2,40011
Bridge 3

Radius = 700 ft

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 2,229 2,345 1.05 2,220 2,181 0.98 2,129 1,753 0.82

G2 2,485 2,345 0.94 2,480 2,289 0.92 2,446 2,1 18 0.87

G3 2,485 2,345 0.94 2,492 2,391 0.96 2,525 2,460 0.97

G4 2,229 2,345 1.05 2,238 2,496 '1.12 2,335 2,795 1.20

Total 9,428 9,380 0.99 9,430 9,357 0.99 9,435 9,126 o.97

TABLE I-15 Parapet moments (k-ft), 210-ft span

Girder

Bridge 1

Stra¡ghl
Bridge 2

Radius = 2,400 ft
Bridge 3

Radius = 700 ft

LGS 3D Rât LGS 3D Rat LGS 3D Rat

G1 567 436 0.77 558 400 0.72 541 306 0.57

G2 320 434 1.36 318 423 1.33 315 387 1.23

G3 320 434 1.36 323 445 1.38 325 457 1.41

G4 567 436 o.77 576 469 0.81 594 530 0.89

Total 1,774 1,740 0.98 1,775 1,737 0.98 1,775 1,680 0.95



TABLE I-16 Live-load moments (k-ft),210-ft span

Girder

Bridge 1

Straiqht
Bridge 2

Radius = 2,400 ft
Bridge 3

Radius = 700 tt

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 3,606 3,080 0.85 3,591 2,990 0.83 3,465 2,675 0.77

G2 3,606 2,526 0.70 3,600 2,442 0.68 3,560 2,204 0.62

G3 3,606 2,526 0.70 3,617 2,603 o.72 3,657 2,745 0.75

G4 3,606 3,080 0.85 3,622 3,207 0.89 3,751 3,509 0.94

Total 14,424 1't,212 0.78 14,430 11,242 0.78 14,433 1 1 ,133 0.77

TABLE I-17a Steel deflections (in.), 160-ft span

Girder

Bridge 1

Straiqht
Bridge 2

R = 2,400 tl
Bridge 3
R=700ft

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 0.50 0.53 1.06 0.49 0.49 1.00 0.46 o.42 0.91

G2 0.55 0.53 0.96 0.54 0.52 0.96 0.53 0.50 0.94

G3 0.55 0.53 0.96 0.56 0.54 0.96 0.57 0.58 1.O2

G4 0.50 0.53 1.06 o.52 0.56 1.08 0.55 0.66 1.20

Total 2.10 2.12 1.0'l 2.1"1 2.11 1.00 2.11 2.16 1.02

TABLE I-17b Steel deflections (in.)

Girder
Bridqe 4 Bridge 5 Bridge 6

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 2.84 2.42 0.85 0.77 0.72 0.94 0.79 0.70 0.89

G2 3.04 2.84 0.93 0.8s 0.78 0.92

G3 3.10 3.26 1.05 0.87 0.83 0.95

G4 3.00 3.68 1.23 0.81 0.88 1.09 0.80 0.88 1.10

Total 11.98 12.20 1.O2 3.30 3.21 0.97 1.59 1.58 0.99

TABLE I-18a Deck deflections (in.), L60-ft span

Girder

Bridge 1

Straight
Bridge 2

Radius = 2,400ft
Bridge 3

Radius = 700 ft

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 2.O7 2.24 1.08 2.00 2.09 1.04 1.89 1.76 0.93

G2 2.31 2.25 0.97 2.29 2.20 0.96 2.24 2.14 0.96

G3 2.31 2.25 0.97 2.33 2.31 0.99 2.38 2.51 1.05

G4 2.O7 2.24 1.08 2.15 2.4',1 1.12 2.27 2.88 1.27

Total 8.76 8.98 1.03 8.77 9.01 1.03 8.78 9.29 1.06

TABLE I-18b Deck deflections (in.)

Girder
Bridge 4 Bridge 5 Bridoe 6

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 6.26 5.65 0.90 3.06 3.03 0.99 3.11 2.85 o.92

G2 7.09 6.62 0.93 3.47 3.26 0.94

G3 7.22 7.59 1.05 3.51 3.49 0.99

G4 6.61 8.57 1.30 3.23 3.70 1 .15 3.17 3.59 1.13

Total 27.18 28.43 1.05 13.27 13.48 1.O2 6.28 6.44 1.03
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TABLE I-19a Parapet deflections (in.), 160-ft span

Girder
Bridge 1

Straiqht
Bridge 2

Radius = 2,400 ft
Bridge 3

Radius = 700 ft

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 0.28 0.23 0.82 0.27 o.21 o.78 0.25 0.17 0.68

G2 0.15 0.21 1.40 0.14 o.21 1.50 0.14 0.20 1.42

G3 0.15 o.2'l 1.40 0.16 o.22 1.38 0.15 o.24 1.60

G4 0.28 o.23 0.82 0.30 0.23 0.80 0.30 0.30 1.00

Total 0.86 0.88 1.O2 0.87 0.87 1.00 0.84 0.91 1.08

TABLE I-19b Parapet deflections (in.)

Girder
Bridge 4 Bridge 5 Bridoe 6

LGS 3D Rat LGS 3D Rat LGS 3D Rat

G1 0.99 0.67 0.68 0.40 0.30 0.75 0.67 0.60 0.90

G2 0.54 0.75 1.39 0.22 0.30 1.36

G3 0.55 0.84 1.53 0.22 0.32 '1.45

G4 1.04 0.96 0.92 0.43 0.37 0.86 0.69 o.72 1.04

Total 3.12 3.22 1.03 1.27 1.29 1.02 1.36 1.32 0.97

TABLE I-20a Live-load deflections (in.), L60-ft span

Girder
Bridge 1

Straiqht
Bridge 2

Radius = 2,400 ft
Bridge 3

Radius = 700 ft

LGS 3D Rat LGS 3D Rat LGS 3D Bal

G1 1.33 1.54 1 .16 1.29 1.39 1.08 1.22 1.09 0.89

G2 1.27 1.23 0.97 1.26 1.20 0.95 1.24 1 .19 0.96

G3 1.27 1.23 0.97 1.28 1.33 1.O4 1.31 1.63 '1.24

G4 1.33 1.54 1.16 1.36 1.70 1.25 1.45 2.19 1.51

Total 5.20 5.54 1.07 5.19 5.62 1.08 5.22 6.10 1.17

TABLE I-20b Liveload deflections (in.)

Girder
Bridqe 4 Bridqe 5 Bridoe 6

LGS 3D Rat LGS 3D Ral LGS 3D Rat

G1 1.86 1.83 0.98 0.90 0.99 1 .10 0.60 o.73 1.22

v¿ 1.80 1.72 0.96 o.87 0.8s 0.98

G3 1.83 1.99 1.09 0.88 0.91 't.03

G4 1.96 2.52 1.29 0.93 'I .'t 5 1.24 0.61 0.88 1.44

Total 7.45 8.06 1.08 3.58 3.90 1.09 1.21 1.61 1.33

TABLE I-21a Components 2 and 3, end reactions (kips), G4

Load
Bridge 1

Straight
Comp 2

Bridge 2
3 Deg

Como 3

Bridge 3
10.5 Deg
Comp 3

Bridge 4
5.0 Deg
Comp 3

Bridge 5
3.1 Deg
Comp 3

Bridge 6
3.1 Deg
Como 3

Steel 0.11 0.06 0.10 0.08 -0.01 0.15

Deck 0.05 0.04 0.15 0.17 0.07 0.11

Parapet 0.00 0.00 0.11 0.00 0.10 0.09

Live -0.10 0.03 0.10 0.06 0.01 -0.01



TABLE I-21b Components 2 and3, interior reactions TÃßLEl-22a Components 2 and 3, pier moments
(kips), G4 (k-ft), G4

Load
Bridge 1

Stra¡ght
Comp 2

Bridge 2
3 Deg

Comp 3

Bridge 3
10.5 Deg
Comp 3

Steel 0.03 0.00 -0.05

Deck 0.05 -0.02 -0.07

Parapel 0.00 0.02 -0.01

Live -0.11 -0.01 -0.05

Load
Bridge 1

Straight
Comp 2

Bridge 2
3 Deg

Comp 3

Bridge 3
10.5 Deg
Como 3

Sleel 0.04 0.03 0.08

Deck 0.07 0.03 0.08

Parapet -0.07 0.01 0.09

Live -0.07 0.02 0.06

TABLE I-22c Components 2 and3,210-ft span
moments (k-ft), G4

TABLE I'22b Components 2 and3,160-ft span moments (k-ft), G4

Load
Bridge 1

Straight
Comp 2

Bridge 2
3 Deg

Comp 3

Bridge 3
10.5 Deg

Como 3

Bridge 4
5.0 Deg
Como 3

Bridge 5
3.1 Deg
Comp 3

Bridge 6
3.1 Deg
Comp 3

Steel 0.02 0.02 0.16 0.19 0.07 0.00

Deck 0.06 0.05 0.17 o.23 0.10 0.14

Parapet -0.19 0.02 0.14 o.14 0.08 0.06

Live -0.15 0.03 0.13 0.1 1 0.06 -0.10

Load
Bridge 1

Straight
Comp 2

Bridge 2
3 Deg

Comp 3

Bridge 3
10.5 Deg
Comp 3

Steel 0.03 0.05 0.15

Deck 0.05 0.07 0.15

Parapet -o.23 0.04 o.12

Live -0.15 0.04 0.09

T^BLEI-23 Components 2 and3,160-ft span deflections (in.), G4

Load
Bridge'l
Straight
Como 2

Bridge 2
3 Deg

Comp 3

Bridge 3
10.5 Deg
Comp 3

Bridge 4
5.0 Deg
Comp 3

Bridge 5
3.1 Deg
Comp 3

Bridge 6
3.1 Deg
Como 3

Steel 0.06 0.02 0.'14 0.17 0.03 0.10

Deck 0.08 0.04 0.19 0.22 0.07 0.13

Parapet -0.18 -o.o2 0.18 0.10 0.04 0.04

Live 0.16 0.09 0.35 0.13 0.08 o.44

TABLE I-24a Steel lateral flange moments (k-ft) G4,210-ft span

Girder

Bridge 1

Straiqht
Bridge 2

Radius = 2,400ft
Bridge 3

Radius = 700 ft

Vload 3D Rat Vload 3D Rat Vload 3D Rat

G1 0 0 0.8 0 2.0 2.2 1 .10

G2 o 0 0.8 0 2.7 3.1 1 .15

G3 0 0 0.8 0 3.2 3.7 1.16

G4 0 0 0.8 0 3.7 4.1 1.11



TABLE I-24b Deck lateral flange moments (k-ft) G4,210-ft span

Girder

Bridge 1

Straight
Bridge 2

Radius = 2,40011
Bridge 3

Radius = 700 ft

Vload 3D Rat Vload 3D Rat Vload 3D Rat

G1 0 0 3.0 2.3 o.77 8.0 11.0 1.38

G2 0 0 3.0 2.2 0.73 10.1 11.2 1.11

,G3 0 0 3.0 2.O 0.73 12.0 12.2 1.02

G4 0 0 3.4 2.0 0.59 13.8 16.4 'I .'t I

TÃBLEI-24g Parapet lateral flange moments (k-ft) G4,210-ft span

Girder

Bridge 1

Straight
Bridge 2

Radius = 2,400 tl
Bridge 3

Radius = 700 ft

Vload 3D Bat Vload 3D Rat Vload 3D Rat

G1 0 0 1.1 0.0 0.00 3.2 4.1 1.28

G2 0 0 1.2 1.0 0.83 4.0 4.1 1.03

G3 0 0 1.4 1.2 0.86 4.8 4.2 0.88

G4 0 0 1.5 1.1 o.73 5.6 6.1 1.09

TABLE I-24d LiveJoad lateral flange moments (k-ft) G4,210-ft span

Girder

Bridge 1

Straight
Bridge 2

Radius = 2,400 ft
Bridge 3

Radius = 700 ft

Vload 3D Rat Vload 3D Rat Vload 3D Rat

G1 0 2.3 4.2 4.6 1 .10 12.6 16.0 1.27

G2 0 2.3 4.3 3.5 0.81 10.6 't 1.5 1.08

G3 0 2.3 4.5 3.3 0.73 't3.4 11.5 0.86

G4 0 2.3 4.6 2.3 0.50 17.4 19.5 't.12

TABLE I-25a Steel lateral flange moments (k-ft) G4, pier

Girder

Bridge 1

Straioht
Bridge 2

Radius = 2,400 ft
Bridge 3

Radius = 700 tt

Vload 3D Rat Vload 3D Rat Vload 3D Rat

G1 0 0 -2,2 -1.0 0.45 -6.7 -6.0 0.90

G2 0 0 -2.2 -1.0 0.45 -7.5 -6.0 0.80

G3 0 0 -2.3 -1.0 0.43 -8.4 -6.0 o.7'l

G4 0 0 -2.4 0.0 -8,9 -7.1 0.80

TABLE I'25b Deck lateral flange moments (k-ft) G4, pier

Girder

Bridge 1

Straioht
Bridge 2

Radius = 2,400 ft
Bridge 3

Radius = 700 tt

Vload 3D Rat Vload 3D Rat Vload 3D Rat

G1 0 -2 -8.4 -5.0 0.60 -25.9 -27.1 1.05

G2 0 0 -8.7 -4.0 0.46 -29.2 -26.2 0.90

G3 0 0 -9.0 -3.0 0.33 -32.6 -27.0 0.83

G4 0 0 -9.1 -2.O o.22 -34.7 -30.1 0.87
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TABLE I-25c Parapet lateral flange moments (k-ft) G4, pier

Girder

Bridge 1

Straioht
Bridge 2

Radius = 2,400t|
Bridge 3

Radius = 700 ft

Vload 3D Rat Vload 3D Rat Vload 3D Rat

G1 0 1 -3.4 -2.0 0.59 -10.5 -9 0.86

g¿ 0 0 -3.2 1.1 0.34 -'t0.6 -8 o.75

G3 0 0 -3.3 0.0 0.00 -12.O -8 0.67

G4 0 1 -3.8 0.0 0.00 .14.4 -b 0.42

TABLE I-25d LiveJoad lateral flange moments (k-ft) G4, pier

Girder

Bridge 1

Straioht
Bridge 2

Radius = 2,400 ft
Bridge 3

Radius = 700 tl

Vload 3D Rat Vload 3D Rat Vload 3D Rat

G1 0 -8.1 -6.9 -10.4 1.5'l -21.0 -22 1.05

G2 0 -8.1 -5.7 -9.3 1.63 -19.1 -16 0.84

G3 0 -8.1 -6.0 -8.1 1.35 -22.3 -14 0.63

G4 0 -8.1 -7.5 -7.0 0.93 -27.9 -15 0.54

ANNEX ll A.2 Single Lane, S = 11 ft

coMpUTATtoN oF WHEEL LoAD I = 0.06. (å)"'(:)"'(1) ranes

DISTRIBUTION FACTORS
FoR MoMENT-BRTDGE 1 160-ftsPan

A. LRFD (14)-G3(rnreriorGirder) 0'06.(i1)"(ffi)"trl

4.1 Multiple Lanes, S = 11 fr 0.06 + 0.908(0.448X1) = 0.467 lanes

0.461 x2 = 0.93 wheels
I = 0.075. (;!)-(Ðo'1r¡ run", 

2r0_rl span

160-ftspan t l \03.

0 07; * (ft)"(,f'o)"r,r ,1,, 
jiill9-ï|"::= 

0 435 ranes

0.075 + 1.09(0.585X1) = 0.713 lanes pier, L =@#9= 185 fr
0]13 x2 = L42 wheels

210-ft span 0.06 + (0.e08{ft)"trl = 0.449 lanes

0.075 + 1.09(*)"(t) = 0.679 lanes 0.449 x2 = o.9lwheets

0,679 x2 = 1.36 wheels

pier, L= (160 +210)12= r85 rr " iïtil;iriJ?:iï* 
Girder)

0.075 + r.oql--[1"r1) = 0.695 ranes
\l ð5 / Sexr = êSinterio,

0.695 x 2 = I.39 wheels e=0;77 +d"19.1> 1.0



Figure II-1. Schematic of simple-span method.

where

d, = Distance from center of exterior beam and edge of
roadway (See Figure II-1)

d" = 3.75 - 1.5 = 2.25 ft
e = 0.77 +2.2519.I = I.O2

I 60-ft span

From Table Ã-8, g¡n,"r¡o, = 1.42

g"*, =1.02xI.42 =1.45 wheels

210-ft span

From Table A-8, g,n rr,o, = 1.36

g"', =7.02x1'36= 1.39 wheels

Pier

o. -1?qötnlenor

g"*, =I.02 x 1.39 = 1.42 wheels

8.2 Single Lane
Nr_

o-N, , xr*L'"-4'-{, 
^LX'

where

N¿ = Number of lanes considered = 1

N¿ = Number of beams = 4
X,,, - Distance from the center of gravity of beams to the

exterior beam
Xut = ll + 5.5 = 16.5 ft

X = Distance from center of gravity of beams to each

beam

¿ = Distance from center of gravity of beams to center

of gravity of lanes

Axle = 6 ft; 2 ft fromcurb to fi rst wheel ; curb is 1.5-ft wide
612+2 * 1.5 = 6.5 ftfrom edge

e = 40.5/2 - 6.5 = 13.15 ft
X = 16.5 ft; 5.5 ft; -5.5 ft; -16.5 ft

^ I û6.5X13.7s) 1226.81s,-" 4 (2X165-)'+(z)(5.s)' 4 6os

R = 0.625 lanes

R = 0.625 x2= 1.25 wheels

Guide Spec (15) - G3 (Interior Girder)
C.1 Multiple Lanes: Same as LRFD except in wheels

instead of lanes.

8 = 0.,s. (f)"(j)"r'r

Continuity factor for positive moment = 1.05

Continuity factor for negative moment = 1.10

160-ftspan, S=1lft

o.i5 + (i)"'(1å)" G) =r.orwheers

Modifying for continuity,

I =L43 x 1.05 = 1'50

210-ftspan, S=l1ft

I = o rs. (T)"(j,f)o'{,) =, ru

Modifying for continuity,

I =1.36 x 1'05 = 1.43

Pier, L = (160 +2IO)12 = 185ft, S = 11ft

I = o rs. (T)-(#)o'r,) =,.rn

Modifying for continuity,

I =1.39 x 1.10 = 1.53

C.2 Single Lane: Same as LRFD except in wheels instead

of lanes.

Continuity factor for positive moment = 1.05

Continuity factor for negative moment = 1.10

D: Guide Spec (15) - G4 (Exterior Girder)
D,1 MultipleLanes

For exterior girder, use simple-span distribution as

shown in Figure II-1, since S = 11 ft > 10.5 ft.

Continuity factor for positive moment = 1.05

Continuity factor for negative moment = 1.10

¡ = [(s.2s)(l) + (11.2s)(1)]/11= 1,s0 wheels

C.
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D.2 Single Lane: Same as LRFD except continuity factor.

Continuity factor for positive moment = 1.05

Continuity factor for negative moment = 1.10

For positive moments, 160-ft and 210-ft spans,

1.50x1.05=1.58

1.25x1.05=1.31

For negative moment at pier,

1.50x1.10=1.65

1.25x1.10=1.38
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APPENDIX B

CURVED.GIRDER DESIGN
CURRENT PRACTICE

AND CONSTRUCTION,

PREFACE

AASHTO first published Guide Specifications for Hori-
zontally Curved Highway Bridges in 1980. These guide
specifications included ,allowable stress design (ASD)
provisions developed by the Consortium of University
Research Teams (CURT) and approved by ballot of the

AASHTO Highway Subcommittee on Bridges and Struc-
tures in November 1916. CURT consisted of Carnegie Mellon
University, the University of Pennsylvania, the University
of Rhode Island, and Syracuse University. The 1980 guide
specifications also included Load Factor Design (LFD)
provisions developed in American Iron and Steel Insti-
tute (AISI) Project 190 and approved by ballot of the

AASHTO Highway Subcommittee on Bridges and Structures

in October l919.The guide specifications covered both box
and I-girders.

Changes to the 1980 guide specifications were included in
the AASHTO Interim Specificatíons - Bridges for the years

1981,1982,1984, 1985, 1986, and 1990. A new version of
the Guide Specifications for Horizontally Curved Highway
Bridges was published in 1993. It included these interim
changes and additional changes, but did not reflect the exten-

sive research on curved-girder bridges that has been con-

ducted since 1980 or many important changes in related
provisions of the straight-girder specifications.

The current practice in the design and construction of
horizontally curved girder highway bridges is written to
reflect the current state of the art both in the United States

and Japan. These are the only two countries in the world
today that have issued an official or semi-official guide
specification for the design and construction of such

bridges. Appendix B was compiled as a part of NCHRP
Project 12-38.

. AWS refers to the 1991 edition of ANSI/AASHTO/
AV/S Dl.5-88 Brídge Welding Code, American Weld-
ing Society;

. "Previous curved-girder specifications" or Guide Spec

refers to the 1993 AASHTO Guide Specifications for
H o rizontally Curv e d Hi g hw ay B rid g e s ;

. LFD/ASD refers to the 1992 AASHTO Standard Spec-

ifications for Highway Bridges; and
. LRFD refers to the 1994 AASHTO LRFD Bridge

Desígn Specifications.

I. INTRODUCTION

A. Need

Curved bridges were once rare. Streams were usually
crossed perpendicular to their flow, and adjustments in road
alignment often were made by simply tuming onto the bridge.
As highway speeds increased, alignments with sharp turns
became unacceptable, and grade separation structures at

interchanges became commonplace. Both of these events

increased the need for horizontally curved bridges.
Prior to the use of curved girders, curved alignments were

usually accomplished with simple spans having girders
"kinked" at the supports. These designs resulted in skewed
supports, decks with varying overhang widths, and shorter
than optimum span lengths. A typical example of this appli-
cation is the riveted girder spans approaching the Fort Pitt
Bridge in Pittsburgh, Grade separation bridges with sharper
curvatures required ever shorter spans, which led to poor vis-
ibility around numerous pier columns, poor bridge aesthet-
ics, an excessive number ofjoints, and increased bridge cost.

Clearly, longer continuous spans would reduce the cost of
curved alignments, eliminate many troublesome bridge
joints, and improve safety and aesthetics.

B. Description

Curved beams need lateral restraint for rigid body stabil-
ity, whereas straight beams need only lateral support against
buckling. The curvature introduces torsion into a curved
girder, and the lateral restraint introduces nonuniform tor-
sion. In typical bridges, lateral restraint is provided by inter-
mediate cross frames and the deck. An l-beam is called an

"open section." These members have little resistance to tor-
sion and must be laterally supported at relatively frequent
intervals. The nonuniform torsion in these beams is manifest
in the lateral bending moments in the flanges.

A box girder is called a "closed section." These members
are capable of resisting torsion with minimal warping if the

cross section is adequately restrained against deformation by
bracing members within the box. The bending components
of a box beam are webs, flanges and, perhaps, longitudinal
flange stiffeners. Box beams may be built with open tops that
are called "trough" or "tub" girders, or they may be built
with four plates. When curved trough girders are used, the
top flange must be braced with diagonal members to provide
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torsional rigidity. Box flanges are often stiffened in the com-
pression regions with longitudinal stiffeners. Webs may be

inclined to minimize the bottom flange width.

C. History

The earliest horizontally curved girder bridges in the

United States were designed by using box sections composed

of four plates. One of the first curved-girder bridges was built
in Springfield, Massachusetts, in 1967 . lt had two simple
spans approximately 88 and 130 ft, with a radius of 155 ft,
and two boxes in the cross section. It was designed by Good-
kind, Goodkind and O'Dea (presently, Dewberry & Davis).
This bridge, which was inspected recently, was found to be

in excellent condition after almost 30 years. By today's stan-
dards, however, the steel weight (approximately 90 lb/ft2)
was excessive.

One of the earliest applications of curved l-girders was in
Pittsburgh. It is a three-span, two-girder structure with a

radius of curvature less than 500 ft, carrying California
Avenue over Ohio Boulevard. An early formulation of the
Vload method was used in its analysis (1). This bridge,
which was designed in 1967 by Richardson and Gordon
(presently HDR), is still canying traffic, with little remedial
work required.

D. Alignment

Curvature may be measured in degrees, radians, or L/R,
where I is span length and R is radius. Roadway curvature
can be accomplished by curving of the girders or by kinks in
an otherwise straight girder. Ifthe girder is kinked at a loca-
tion other than at simple supports, sharp discontinuities in
flange force may cause extremely large cross frame forces
and lateral flange bending in the vicinity of the kink. Curva-
ture often varies along the bridge. In many states, curvature
changes are accomplished with compound curves, each with
a constant radius. Other states accomplished the same

changes with a spiral. Most bridge fabricators are now able
to fabricate girders having spiral curves with few problems.

The economic benefits of horizontally curved girders

become apparent when multiple-span curved alignments are

required. Continuous curved steel structures over 1,900 ft
long have been built with expansion joints only at the
ends, such as the curved box-girder viaduct carrying Eighth
Avenue in Denver (built in 1983). Wherever possible, con-
tinuous spans are used in lieu of simple spans to minimize the
number of deck joints and to improve overall economy.

One early (1969) example of a short curved bridge is the
Hull's Falls Bridge in New York State. This bridge was

designed by New York DOT to carry traffic over the Ausable
River (2). Three I-girders were used with 123-ft span and a
radius of 4ll ft. A straight bridge could have been used, but
the roadway alignment would have been compromised.

An I-girder bridge carrying Route 65 over Pigeon Creek in
Dalbarton, West Virginia, has spans of 65-72 ft and a radius
of 127 ft. A simple-span, I-girder bridge in Minnesota has a

span of 104 ft and radius of 106 ft, with one abutment skewed
approximately 45 deg. Temporary supports were required to
erect the steel for this relatively short span. It frequently
becomes difficult to erect single-span curved bridges having
skewed support lines. Although not record structures, the
West Virginia and Minnesota highway bridges are examples
of extreme curvature.

Curved-girder bridges have been built with spans greater

than 300 ft and radii less than 1,000 ft, One unit of the Little
Falls Bridge, New York State, has spans of 234-329-365-
234 ft with a radius of 750 ft. This bridge has seven I-girders
in the cross section, varying in depth from 7 to 12 ft. One of
the Shoshone Dam Bridges in Glenwood Canyon, Colorado,
has spans of 219-274-216 ft and a radius of 955 ft. This
bridge has four l-girders, varying in depth from 7 to 15 ft.

Integral pier caps have been used with curved girders. The
cap beams have been made of steel box- and I-shapes and

reinforced or post-tensioned concrete. There are many
instances where a pier cap below the girders will not provide
adequate clearance, so an integral pier cap is used to gain the
needed clearance. Integral pier caps also have been used for
aesthetic reasons or to eliminate the special design problems
and cost of skewed piers.

Skewed support lines present additional consideration in
design and construction ofcurved girders due to the increased
torsion in the girders. These load effects may lead to exces-

sive girder rotations, larger than normal cross frame forces,
unusual thermal movements, and large differential deflections
between girders during construction.

Due to alignment constraints, span ratios can vary greatly
from efficient values. Poor span ratios can lead to uplift prob-
lems during construction and, in some cases, due to live load,
requiring an anchorage system. Poor span ratios can signi-
ficantly increase the cost of steel framing. Desirable span ratios
for continuous steel structures provide spans with approxi-
mately equal positive deadload moments in each span. This
usually can be accomplished with end spans that are approxi-
mately 75 percent of the adjacent interior span length, This
ratio is different from the optimal span affangement for con-
crete bridges. Ifcantilever segmental concrete construction is
used, the optimal span arrangement employs end-span lengths
of approximately half the interior span length. Equal spans

usually are optimal when simple-span prestressed concrete
girders are used.

Another increasingly common alignment is the bifurcated
structure. This situation occurs when a ramp exits or enters a

street on a single bridge structure. It can be accomplished with
girders simply peeling off in two directions. However, road-
way width often dictates that the total number of girders in the

two branches be greater than the number required in the stem,

necessitating some affangement for discontinuing the girders.

This is often done by placing a bulkhead near a point of con-
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arrangement is to attach girders from one branch of the wye
(Y) to one stem girder, usually resulting in large eccentric

loading on the stem girder and very complex connections.

E. Researchers

The earliest theoretical work on open and closed curved
beams was performed by St. Venant over 150 years ago (3).

In the early 1960s, Dabrowski (4-ó) and Vlasov (7) pre-
sented rather complete strength of materials solutions to the

curved beam problem for stresses and deflections.

PennDOT funded some of the earliest research on curved
highway girders at Carnegie Mellon University, but the first
extensive study of analysis and design techniques for curved
girders was the CURT project started in the 1960s and com-
pleted in the early 1970s. This work was funded by the Fed-

eral Highway Administration. The team included researchers

from the following universities: Syracuse, Rhode Island,
Pennsylvania, and Carnegie Mellon.

The CURT project encompassed analytical study and lab-
oratory tests of scaled steel box and I-girders. A draft speci-

fication (8) was developed by CURT which evolved into the

AASHTO Guide Specifications for Horizontally Curved
Highway Bridges (Guide Spec) (9).

Experimental work also was performed at Lehigh Univer-
sity, including the only fatigue tests ofcurved girders in the

United States. The specimens were first tested statically in
the elastic range. One test was performed on a full-scale, two
I-girder simple-span unit without deck (10-12). The span

was then subjected to cyclic loading until fatigue cracks were

observed. The results indicated no significant differences
between the fatigue behavior of straight and curved girders.

A concrete deck was added and the unit was tested to failure
(13). The specimen failed due to crushing of the concrete

deck rather than plastification ofthe steel sections. A similar
test of a near full-scale single box girder was also performed

as part of the same project (14).The Lehigh University work
(15), completed in the 1970s, formed the basis of the Guide

Spec ASD provisions.
Later, the American Iron and Steel Institute (AISI) funded

research resulting in load factor design (LFD) provisions
(16,17) for the Guide Spec (9). This was simply an extension

of work performed in the CURT project at Carnegie Mellon
University.

At the University of Maryland, Heins et al. (18-20) also

contributed to the knowledge of curved box and l-girders.
Many of these contributions regarding approximations rather
than refined analyses are included as part of the Guide Spec

and its commentary.
Yoo et al. (21-27) studied the basic buckling and dynamic

behavior of curved I-girders, including development of a
finite element that has a warping degree of freedom.

Significant work on curved girders also has been per-

formed in Japan. Fukumoto developed an equation to predict
the inelastic strength of l-girders (28) and conducted con-
firming tests on single l-beams (29). Nakai et al. also per-

formed numerous component tests of curved beams (30*35).
From this work, an empirical equation to predict the strength

of curved I-girders was developed (36). Nakai and Kitada
and others have performed inelastic finite element studies,

but this work has not been translated in English (37).
The Japanese research culminated in the Hanshin Guide-

lines for the Design of Horizontally Cuned Girder Bridges
(draft) by the Hanshin Expressway Public Corporation (38).

These design provisions, for box and I-girders, are ASD-
based. Like their U.S. counterpart, many references are made

to the Japanese Bridge Specifications for straight girders
(39). The theoretical background and experimental research
leading to the Hanshin provisions are presented in a text by
Nakai and Yoo (40). The AASHTO Guide Spec and Hanshin
Guidelines represent the only known design provisions for
horizontally curved steel girders.

Although never receiving the status of full AASHTO spec-

ifications (41),the Guide Spec has been used to design hun-

dreds of curved-girder bridges in the United States and

Canada. Recent contributions have been made by Yang and

Kuo (4244) and Tan etal. (45).Zweicket al. have provided
the most recent literature survey (4ó).

II. RESEARCH

A. l-Beams

A.1 Bending - Anølytical

A.I.a Static Equilibrium. Horizontally curved l-beams

must be braced laterally to be statically stable because applied
vertical loads produce twist as well as bending. Internal ver-
tical bending and lateral flange bending moments combine to
provide equilibrium. Lateral flange moments are computed
from the bimoment, BM, from Equation (B-1):

BM = EI,þ" (B-1)

where 1, = warping constant and Q = angle of twist.
Warping stress, o, can be computed from Equation (B-2)

below:

BMa-
0.(ù = h

(B-2)

where ú),, = normalized unit warping of cross section.
To mobilize the bimoment, the member twists. The distri-

bution and magnitude of the resulting internal stresses are

functions ofthe spacing and stiffness ofthe bracing, as well
as of cross-sectional properties and curvature of the girder.

Vertical bending in an unbraced curved I-beam is slightly
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different than for a straight beam. Dabrowski (ó) gives the

equation, based on strength of materials, for the statical girder
moment due to a concentrated vertical load, P, placed in the
center of a simple-span beam with a span, t measured along
the arc and radius, rR. The beam is torsionally pinned at its
ends with no intermediate restraints.

M_ (B-3)

where ¿ = eccenfficity of applied load measured with respect

to the veftical axis through the shear center and 7= v¡ç distance
from supporl.

The difference between moment in a curved beam and a

straight beam is insignificant for the relatively short, unbraced
lengths typically found in erected curved bridges. For long
unbraced lengths, however, such as those found in girders
during erection and handling, consideration of curvature may
be necessary to accurately compute the vertical bending
moment, as well as the effects of nonuniform torsion.

A.l .b Strength of Materials Behavior. Classical strength
of materials assumptions requires that the cross section does

not deform, that Hooke's law applies, that the member geom-

etry does not change, and that small deflection theory applies.
Elastic buckling is assumed to occur at a load determined as

bifurcation. Dabrowski has solved the single curved-girder
problem by using these assumptions (ó).

Unlike a straight beam, which does not deflect laterally
until failure is imminent (bifurcation), lateral deflection and

twist commence with initial application of vertical load to a
curved beam. Therefore, lateral deflection of the girder com-
pression flange increases with a concomitant increase in lat-
eral flange bending until, due to increasing load, failure as a

result of yielding occurs.

A.Lc Inelastic Behavior. Amplification of lateral deflec-
tion of the beam away from the center of curvature causes

additional lateral bending. Although lateral moments are

determined by the original curvature according to strength of
materials, the actual lateral moments are greater because

of the increase in curvature due to lateral deflection. This
behavior is similar to the amplification effect evident in a

beam-column. McManus found that the lateral deflection is
approximately linear up to about 30 percent of the elastic
buckling load for the equivalent straight beam; above 30 per-
cent of the buckling load, the lateral deflection increases
nonlinearly to larlwe (47).

Further, the cross section of a curved beam deforms when
subjected to bending and torsion. Basler and Thurlimann rec-
ognized that the compression portion of the web of a straight
beam in pure bending buckles, shedding some of its load to
the compression flange (48). This shedding causes an increase

in the compression flange force compared to that predicted
from Navier's hypothesis. Mozer and Culver observed this
behavior in curved beam tests. The compression bending
stress was 10 percent greater than the tension stress in a dou-
bly symmetric beam having a web slenderness of 156 (49).
It was suggested that this action may be more critical in
curved beams because the web is curved and more susceptible
to bend-buckling (49).

An additional type of cross-section deformation occurs in
curved l-girders. The flanges of a curved I-beam rake with
respect to the web. Raking occurs because the web is not stiff
enough to retain the cross-section shape when the flanges are

subjected to lateral moments. The web takes an S-shape; the
girder flanges rotate and are no longer parallel with respect
to each other; and the web is no longer perpendicular to the
flanges.

A. Ld Failure of Curved Beams. Failwe of a curved beam
may occur by either local buckling or yielding in a compres-
sion flange. Either phenomenon can occur at a brace point or
at midspan between brace points. The location depends on
curvature, section properties, and boundary conditions.
Local buckling of the flange or web will not occur if the ele-
ment slenderness is adequate. Such sections are called com-
pact; they fail by yielding. Plastification or yielding ofcurved
compact sections occurs under a combination of lateral and
vertical bending.

It is possible for a curved beam to fail laterally prior to
plastification of the entire web. At this time, research of
curved-girder behavior has not dealt with redistribution of
loads due to plastification. Instead, plastification is dealt with
at one cross section. When any cross section yields enough
such that additional load cannot be applied, it is assumed that
the member has failed (47).The contribution of lateral bend-
ing to plastification is complex due to the ampliûcation of
lateral defl ections and cross-section deformation.

A. Ì .e Analysls. Analysis of curved bridge superstructures
can be performed with different techniques that address vari-
ous aspects of the problem. Originally, Dabrowski (ó) and
Vlasov (7) developed equations defining stresses based on
strength of materials methods that permit computation
of vertical bending and lateral flange bending stresses.

Dabrowski presents the equations for a singly symmetric, sin-
gle I-girder with rigid and flexible supports (ó), Subsequent
discussions by Dabrowski reflect how the method can be
extended to an actual bridge where the girders act with the
deck (ó). This work has been extended by Yoo and Heins to
allow solutions to be obtained using the finite difference tech-
nique (50). The method does not treat stability of curved
beams because classical buckling techniques cannot be applied
to a curved beam.

The two-dimensional finite element method, sometimes
called the grillage method, can be used to obtain a proper
strength of materials solution when the warping degree of

.7.
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freedom is considered in the beam element (22). Most two-
dimensional finite element programs do not provide this
capability. Thus, grillage solutions often recognize only
St. Venant torsional stiffness to establish equilibrium. Addi-
tionally, by not considering warping, the distribution of load
is in error by the amount of the warping stiffness. Various
techniques have been proposed to correct for the absence of
warping stress. For example, the V-load method can be used

to generate lateral flange moments from girder moments
determined with a grillage analysis (1).

The three-dimensional finite element method can be used
to model the beam cross section with a series of elements
(i.e., the web is modeled with a series of planar shell ele-

ments; flanges are modeled with either shell or beam ele-
ments; and bracing and bearings must also be represented
appropriately). This type of three-dimensional finite element
modeling considers warping. The radial component and

deformation of the cross section are recognized in the first-
order assumption, but the effect of amplification of lateral
deflections is recognized only if geometric nonlinear behav-
ior is considered. Deformation of the cross section is also
considered with this method. The lateral flange moments
cannot exceed those required for equilibrium; thus, the waqp-

ing bimoment will yield lateral stresses that put the section
in equilibrium. Lateral flange moments due to raking simply
displace some of the warping bimoment lateral bending
based on a strength of materials analysis.

Large deflection finite element codes can be used to recog-
nize amplification and cross-sectional deformation effects.
Lateral flange bending is modified to correspond to the change
in curvature. Thus, the lateral flange bending moments may
increase beyond those from a strength of materials-based
analysis.

An inelastic f,nite element code is a further refinement of
the finite element method that recognizes the plastification
of the section and its effects, including changes in shape of
the structure. Such analyses are quite expensive, and the
results depend on assumed residual stress distributions and
material properties beyond the elastic regime. Superposition
does not apply to analyses that consider large deflections or
inelastic behavior; therefore, design techniques, such as

using influence surfaces do not apply. Although nonlinear
finite element analyses are not frequently used in bridge
design, they are important research tools necessary to
develop an understanding of curved-girder behavior.

4.1.f Culver et al. M.cManus examines doubly symmet-
ric, curved l-beams in pure bending (47).These beams have
coincident shear center and center of gravity and are assumed
to be prismatic with equal vertical moments and lateral
moments applied at their ends. Singly symmetric and com-
posite I-sections are discussed but not investigated, Warping
due to nonuniform torsion, cross-section deformation, and
radial effects are considered. Amplification of deformations
due to warping and twist are also addressed. Cross sections
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are separated into compact or noncompact types. The failure
load for a noncompact section is defined as that load at which
a flange tip reaches f,rst yield (47). Fallure of a compact
section is defined as that load at which plastification of the
entire cross section occurs due to a combination of vertical
and lateral bending (47).

Buckling of curved flanges is examined, considering the
flange on each side of the web separately (51,52). The side
of the flange on the inside is restrained against buckling by
the web on the outside of its curvature. The other side of the
flange is restrained on its inside by the web. The problem is
further complicated by the stress gradient across the flange
that can be oriented in either direction. Nasir found that if the
flange slenderness, b/t, is not greater than, 3,200f lF,local
buckling does not occur at reasonable radii for steels with a

yield stress up to 50 ksi (51). Steels with ayield stress greater
than 50 ksi are not examined. In the case of doubly symmet-
ric sections, the yield stress is reached at approximately the
same time in tension and compression flanges, but on oppo-
site flange tips. Therefore, no investigation of slenderness is
required for tension flanges.

McManus defines a compact section as one with flanges

having b/t not greater than 3,2001 J4 @7).Theweb need not
be compact because it is assumed that load is not transferred
to the compression flange when the web buckles. This
assumption is acknowledged to be unconservative, but other
conservative assumptions are thought to compensate (47).
Sections with web slenderness only up to 150 are investigated.

The research assumes a strength of materials analysis of
the member that provides warping and bending stresses at

brace points (7). Any strength of materials analysis which
considers warping due to nonuniform torsion is appropriate.
It is assumed that the warping stress and bending moment at

brace points are provided. There is no relationship assumed

between bending stress and warping stress at the ends of the
member; the change in warping stress over the member
length is a function ofcurvature.

The tendency ofthe girder to arch, or change curvature, is
called the radial effect. This effect is approximated by assum-
ing a uniform radial load as computed in Equation @-Ð Ø7):

(B-4)

where

uz= radial deflection in state 2,

1y = rnortreût ofinertia ofthe beam about vertical axis, and

R = radius of the beam.

State 2 is def,ned as the condition that exists after transla-
tion and rotation of the section occurs. This load is applied
radially in the plane of the beam at the shear center and cen-
ter of gravity away from the center of curvature. This load-
ing produces an equal lateral moment in both flanges whose
sense is the same as the lateral flange bending stress in the

e,,, = ur(rr *ft)
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compression flange due to curvature. The result is that the

magnitude of lateral flange bending in the top and bottom
flanges is no longer equal and opposite. These radial bending

stresses are added to those due to warping.
Amplification of the radial deflection and twist is found

to be important at loads greater than 30 percent of the criti-
cal buckling load. An approximate amplification term given
in Equation (B-5) is developed to represent the change in
curvature:

I-0.86M* + 0.4M*2
(B-s)Amplication Factor = l- M*

where

,,* _ appliedmoment
M

buckling moment

The bimoment and the portion of the radial moment due to
twist at midspan in both elastic and inelastic regimes are

modified by this factor.
The effect ofraking ofthe flanges is approximated by apply-

ing a pair of uniform radial forces given in Equation (8-6) to
the flanges in the plane of curvature. These forces equal the

force in the plane divided by the radius of the ghder (47):

.foA,q= R'
(B-6)

The force on the compression flange is applied away from the

center of curvature. It is applied toward the center of curva-

ture on the tension flange. This results in lateral flange bend-

ing stresses having the same pattern and magnitude as those

due to warping resulting from curvature. The lateral flange

bending stresses due to flange raking are added to the other
lateral flange bending stresses. The term "flange raking"
means that the flange on one side of the web deforms more
(somewhat independently) than the flange on the other side,

thereby inducing deformation of the web. In fact, it is sug-
gested that the raking distortional stress is the V-load stress,

or the warping stress. If this is the case, it appears to be

accounted for twice by McManus.
Figure B-1 (from Reference 47) shows the percent of

flange tip stress due to bending, warping, radial, and defor-
mation for two cases at the fully plastic stress state. These

plots indicate stress at midspan, which is the critical location.
The girders have a fixed ratio of warping-to-bending stress at

brace points (0.50). The ratio ofradius to unbraced length is
also constant, as is the ratio of web-to-flange area (0.50). The
ratio of unbraced length to flange width is the independent

variable. The stress ratio and curvature ratio are at the upper
limits studied by McManus.

McManus uses a sign convention for warping stress differ-
ent from that used by Dabrowski and the Guide Spec. In order

to have a positivef,lf¡ratio, according to McManus, the torque

at the brace points is opposite to what would be expected if it
were due to only curvature. To obtain a 0.50 stress ratio,
a torque must be applied to the beam in the opposite sense

of that due to curvature and have sufficient magnitude to

overcome the end torque.

o=6" L/R=O,l05

\/AY=0.5,v% =0.5

60

%%

40

20

L/b L/b
3020lo

Figure B-1. Contribution of various effects to ultimate strength (47).



The nondimensional constants used present a special con-

sideration. How these ratios were manipulated was not
revealed. Because ,L,/R is constant and L/b varies, it is possi-

ble to create this situation by either holding L and -R constant

and varying b, otby varying I and R while holding b con-
stant. Of course, the variation could be a combination of the

two. If å varies, then flange thickness must vary because the
ratio of flange-to-web area is constant and the web depth-to-
thickness ratio cannot vary.If b varies, then the bimoment at

the brace points must vary since the warping stress-to-bending

stress is constant.
In Figure B-1, at midspan, the lateral flange bending due to

curvature is of the same sign as the warping stress at brace

points. Thus, the magnitude of warping stress at midspan is the

sum ofthese stresses. Ifcurvature alone caused the torsion, the

warping stress at midspan would be of the opposite sign as that
at the brace points. The result would be that the warping stress

at midspan is approximately equal and opposite to that at brace

points.
It seems unusual that the distortional stress component is

greater for the stocky web; the probable reason is that the

ratio of web-to-flange area is kept constant, causing the

flange size to change.

The radial and deformation stresses in the elastic range

should be smaller than those shown in Figure B-1. The total
lateral flange bending stresses appear to have been determined
by adding the radial and deformation stresses to the warping
stresses. As discussed earlier, it appears that the deformation
stress is equal to the warping stress due to curvature.

Using approximate solutions to the differential equations,
McManus developed families of strength curves for the first-
yield and plastic conditions (47). These strengths, in terms of
moments, were divided by the critical lateral torsional buck-
ling moment for an equivalent straight girder. Equation (B-7)
was used to determine the critical straight-girder moment.

This equation was taken from the AASHO provisions in
effect at that time:

4, = rr(t-zl?) (B-7)

where

l.-

Equation (B-7) has been replaced in the present AASHTO
Standard Specifications (41) with an equation for lateral tor-
sional buckling that considers the entire undeformed cross

section. Equation (B-7), however, must be used since it was
used in the derivation.

The resulting nondimensional ratios were def,ned as the
product of two p factors. These factors were defined in terms
of nondimensional parameters; waqping stress/bending stress

at brace points (J,ffi),1/R, and l/b¡.

The ps are applicable only within defined limits of the
parameters as stipulated in the Guide Spec: l/b¡, l/R, andf,,lf6.
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Bending and warping stresses, at brace points only, need be

computed for these equations because the stress condition at

the midspan location is considered implicitly in the derivation
of the equations.

Warping stresses,J,,, used in determining p,,, are assumed

to be from a strength of materials analysis that ignores
changes in the geometry of the structure or cross-section
deformation. Therefore, these warping stresses do not include
radial or amplification effects. As lateral bending stresses due

to distortion and radial effects occur, they must displace the
warping stresses such that the total lateral flange bending
stresses satisfy equilibrium. If lateral flange bending stress

due to cross-section distortion is found to equal the original
warping stress, theJ,, to be used in determination of p," should
be zero.

Examination of Figure B-1 further suppofts this interpreta-

tion. The McManus approach denotes very high distortion and

amplification stresses, so that their sum is almost equal to the

warping stress. The distortion and amplification stresses can-
not be so large for a girder segment that is braced according to

the AASHTO Guide Spec, even in the inelastic range. This is

demonstrated in Annex I by example calculations. Figure B-1

was prepared for the case with a warping-to-bending stress

ratio of 0.50 at the brace points. For the two web slenderness

ratios shown, the contribution of the warping stress to the yield
stress is greater than that ofthe bending stress. Calculations for
the example in Annex I demonstrate that such large warping
stresses are unlikely.

Compact sections are assumed to be plastic over zero

length, and redistribution of moment is assumed not to occur.
For short unbraced lengths with small curvature, the equation
gives bending strengths greater than the yield moment.
McManus predicts that bracing forces are greater than those

computed using a first-order elastic analysis for the noncom-
pact case because of amplification effects (47). The bracing
forces are greater, again, for the plastic case because plastifi-
cation requires greater lateral restraint to develop plastic lat-

eral bending moments..To create the plastic moment, the brace

forces can be as much as 8 percent ofthe flange force (47).The
amount of additional bracing force beyond that determined
from a first-order analysis ofa curved I-girder is not discussed.

A.1.g Fukumolo. Fukumoto and Nishida developed a
quartic equation to predict the ultimate strength of a curved

compact I-beam that must be solved using an iterative
process (28). This predictor equation is unique in that it is not

related to an existing lateral torsional buckling equation for
a straight girder. The theoretical work was also limited to
doubly symmetric sections. Whether shear was considered is

unclear.

A.I.h Hanshin Design Provisions. The Hanshin design
provisions are based on working stress design (38). In order
to compare them to the strength predictor equations of Cul-
ver and Fukumoto, factors of safety were removed. These
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provisions use a two-ratio interaction equation relating ver-

tical and lateral bending stresses:

(B-8)

I = vertical bending stress,

ft = lateral bending stress,

F. = allowable vertical bending stress, and

F,, = minimum specified yield stress.

F" is the curved-girder allowable stress that is determined
from modifications of the straight-girder allowable stress in
the Japanese Bridge Specifications (-39). The V-load method
is used to compute the lateral flange bending moment to

determinef. The Hanshin provisions appear to be applicable
to singly symmetric sections; however, their development is

not known. Probably they have been developed from curve

fitting to finite element results and confirmed by tests.

A.I .i Finite Element Studies. Recently, inelastic large de-

flection flnite element modeling has been used, with varying
degrees of success, in predicting the behavior of test girders

by several researchers (45,53,54). A single equation is being
developed for predicting the ultimate strength of I-sections

by Yoo using finite element results (55).

A.I.j Unsymmetrical Sections. McManus assumes coin-
cident centers ofgravity and shear, as well as inextensibility
of these centers. The theoretical solution is somewhat more

complex when these assumptions cannot be made.

Horizontally curved unsymmetrical sections have not been

studied, although there are two situations where they are

important. First, in the positive moment legion of noncom-
posite girders, the top compression flange is often smaller
than the bottom tension flange. Second, singly symmetric sec-

tions always exist in composite bridges after the deck has

cured. The bottom flange must be designed considering
stresses due to lateral bending and vertical bending in the non-

composite section, plus similar stresses in the composite sec-

tion. There has been little theoretical or experimental research

relating to either condition.

A.2 Bending - Experimental

Mozer et al. (49,56,57), Fukumoto and Nishida (28), and
Nakai et al. (3 1,32) performed tests of single curved, doubly
symmetric I-girders. Mozer et al. also tested a pair of I-girders
(57). Daniels etaI. (10,13) and Nakai and Kotoguchi (35) have

tested pairs of l-girders not reported here. Consistent with the

theoretical models, all component tests were doubly symmet-

ric. Plate sizes and their reported yield stresses for 2J cuwed
I-girder specimens are presented in Tables B-1 and B-2.

Figures B-2 through B-4 show the schematic testing

arrangement for the Mozer-Culvet tests (49,56). A concen-

trated load was applied at midspan in Specimens C8-2,C9-2,
D13, and DI4 (49). The ends of the specimens were braced

against iotation about their longitudinal axes. The concen-

trated load was applied through a steel ball some transverse

distance off the shear center of the section to create addi-
tional torque. The lateral position of the load was set to pro-
vide a warping stress in the center of the test panel equal to
0.3 times the vertical bending stress at the same longitudinal

TABLE B-1 Mozer-Culver test specimens: I-girder (49,56,57)

Specimen

Unbraced
Length

(ìn)

Radius
(in)

Web
Depth

(in )

Web
ïhick.

(in )

Web
Area
( in') (ksi)

Flange
width

(¡n)

Flange
Thick.

(in )

Flange
Nea
(in') (ksi)

úó-¿ 60 1113 17.95 0.127 2.28 31.5 7qt 0.371 2.79 Àf Ò

c9-2 60 378 18.00 0,120 ¿. to 35.1 7.47 0.368 2.75 J4.O

D13 60 443 17.94 0.120 2.15 35.1 8.60 0.368 3.16 ó4.O

D14 60 442 18.00 0.120 2.16 35.1 8.48 0.368 3.12 34.6

L1.A 60 595 17.87 0.120 2.14 29.7 5,94 0.390 2.32 41 .1

L2.A 60 607 17.93 0.119 2.13 29.7 6.00 0.390 2.34 41 .1

L2.B 60 607 17.93 0.11S 2.13 29.7 6.00 0.390 2.34 41.1

L2-C 60 607 17.93 0.119 2.13 29.7 6.00 0.390 2.34 41.1

Gt-3 60 600 ''I 7.98 0.1 20 2.16 40.5 3.92 0.501 1.96 33.6

Gt-4 60 600 17.98 0.120 2.16 40.5 3.92 0.501 1.96 33.6

Gt-5 60 600 17.98 0.120 2.16 40.5 3.92 0.501 1.96 .tó.o

GO-8 63.6 636 18.01 o.312 5.62 38.7 5.99 0.380 37.6
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TABLE B-2 Nakai and Fukumoto test specimens: I-girder (28,31)

Specimen
Unbraced

Lenglh Radius
Web
Depth

Web
Thick

Web
Area É

F¡ange
w¡dth

Flange
Thick.

Flange
Arêa
.. 2.

Fr.
(ks¡)

M1 78.7 æ 31.5 0.177 5.57 46.2 7.09 0.472 3.35 56.1

M2 78.7 1157 31.4 0.177 5.56 46.2 7.16 0.472 3.38 56.1

M3 94.3 1157 31.4 0.176 5.53 42.2 7.09 0.474 J.Jb 49.2

M4 78.7 409 31 .4 0.177 5.56 46.2 7.09 0.473 3.35 þÞ. I

M5 78.7 420 et Ã 0.127 4.00 39.1 7.09 0.471 3.34 49.2

M6 78.7 425 .1t.4 o.122 3.83 36.8 7.16 0.469 ó.JO 49.2

M7 78.6 420 31.5 o.177 trFa J/-5 7 .14 o.472 3.36 45.2

MB 78.5 Jbb .1 t.3 0.1 80 5.67 37.5 3.56 0.469 1.67 49.2

M9 94.2 419 31.5 0.180 5.67 42.2 7.09 o.473 3.35 49.2

AR-1 66.9 912 9.90 o.221 2.19 34.1 4.00 0.331 1.32 34.1

AR-2 66.9 1 991 9.92 0.224 2.22 34.1 3.98 0.327 1.30 34.1

AR-3 66.9 bb/b 9.92 0.228 2.26 34.1 3.97 v.ô¿I 1.30 34.1

BR-1 110.2 IJó/ 9.85 0.217 2.14 34.1 3.96 0.331 1.31 34.1

BR-2 110.2 2839 9.91 0.224 2.22 34.1 3.96 0.327 1.29 34.1

BR-3 110.2 1 9002 9.86 0.221 2.18 34.1 J.v4 0.327 1.29 34.1

location. Stresses in the specimens were computed using
Dabrowski (ó) strength of materials methods. Shear in the
test panels was equal to half of the applied load.

Specimen L1-A had double-sided transverse stiffeners cut
short ofthe tension flange but fitted to the compression flange.
Specimen L2- A had full-depth, double- sided transverse stiff-
eners fitted against both flanges. Specimens Ll-A and L2-A
were tested with two concentrated loads applied over the web
at third-points, creating a nearly pure bending region over the

center-third of the specimen. These specimens were
restrained against rotation at their ends and at the load points,
as shown in Figure B-3. These two tests were the only single-
girder tests by Mozer et al. (5ó) that matched the analytical
work by Culver and McManus. The concentrated loads were
arranged such that the computed warping stress at center
brace points was approximately one-third of the vertical
bending stress in Specimens Ll-A andL2-{.

Specimens L2-B andL2-C werc tested with a single con-
centrated load placed at midspan as shown in Figure B-3.
This anangement produced rather steep moment gradients in
these specimens. The loading arrangement itself provided
lateral restraint at the point of application. The ratio of warp-
ing stress to bending stress at the center of the test panel,
which was near the load point, was 0.50 inL2-B and0.25 in
L2-C. These stress ratios were accomplished by applying the
concentrated load eccentric with respect to the girder web,
creating a torque in addition to that due to curvature. These

specimens were braced laterally at the ends, possibly causing
some bending restraint.

Specimens GI and GO were connected by intermediate
full-depth cross frames and near full-depth diaphragms at

the bearings, as shown in Figure B-4 (57). The girders were
spaced 3 ft apart. This arrangement represented behavior of
curved girders before the deck cures. GI was the inside
girder; GO was the outside girder. Cross frames could be

removed to change the unbraced length for different tests.

The center cross frame was removed in Tests 5 and 8, which
were pure bending tests. In Test 5, two concentrated loads

were applied at third-points of the span over GI, as shown in
Figure B-4, and GI was tested to failure. In Test 8, two con-
centrated loads were applied at third-points of the span, but
they were applied to the cross frames three-quarters of the
distance from GI toward GO to ensure uplift at GI did not
occur. Girder GO was tested to failure in this test.

These two tests modeled the assumptions of the McManus-
Culver analytical model. The GI computed warying stress at

the brace points in Test 5 was approximately 0.75 of the verti-
cal bending stress. The comparable ratio in girder GO was 0.57

in Test 8. Tests G3 and G4 were combined bending and shear

tests, with only one concentrated load applied at either the

one-third or two-third point. The test arrangement was similar
to that shown in Figure B-4. The G-test series most closely
represented actual bridges of the tests by Mozer-Culver.

Mozer-Culver single specimen tests and Nakai's M-test
series employed signif,cantly more torsional fixity than exists
in typical curved bridges. The M-test series was performed
in nearly pure negative bending with very rigid rotational
restraints at the ends, as shown in Figure B-5.
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Fukumoto tested simple-span specimens with a single
concentrated load applied through a gravity simulator mech-
anism at the center ofthe span (29).The top and bottom of
the girders were laterally restrained at the ends of the span,
similar to the Mozer-Culver tests C8-2, C9-2, D13, and D14.
This test arrangement resembles behavior of a simple-span
single girder with end tie-downs during erection, excapt
shear is nearly constant in each half of the span and the
moment varies in a nearly linear manner.

Geometric ratios of 27 curved-girder test specimens are
presented in Tables B-3 and B-4. Web slenderness of the
twenty-seven specimens varies from 58to257 . There are two
specimens with web slenderness over 225; one of these has

a longitudinal stiffener. Nakai et al. noted that transverse
stiffeners provide additional strength to curved girders tested
in flexure (31,32,37).

400,ooo tb. TtNtus oLsEN
TESTING MACHINE

WEST ENO

LOAD
ECCEN

CHANNEL

LOAD ERACKET

SECTION A.A
LOAO POINT

OETAIL

Figure B-2. Mozer-Culver tests C8-2, C9-2, D13, D14 (49).

TEST SPECIMEN

EAST ENO
(lolaof slrul
nol shown )

The ratio of flange-to-web yield stress for the specimens
listed in Tables B-3 and B-4 ranges between 0.83 and 1.38. A
typical hybrid girder exists when this ratio is greaten than 1.0.

The reported yield stresses were used to compute limiting
flange and web slenderness based on the McManus-Culver
analytical model, as shown. Measured flange slenderness
values are also presented for the specimens.

4.3 Test Moments versus Predicted Moments

A computer program was written to predict curved-girder
moment capacities using the McManus-Culver, Fukumoto,
and Hanshin bending strength predictor equations. The
McManus-Culver equations and the Hanshin provisions
require input of the warping stresses at brace points. The lat-

SPECIMEN
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Figure B-5. Nakai tests MI-M9 (31).
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eral bending stress values used in the predictions were deter-

mined using the V-load method. The lateral bending stress

and warping stress values for the specimens are given in
Tables B-3 and B-4.

McManus-Culver equations are applicable when llb¡is nof
greater than 25;,Rl is greater than 10; and the absolute value

of f,,/f¡is not greater than 0.5. These limitations are used in the

Guide Spec (9). The equations were used to predict some test

values that exceeded these limits. Predicted moments are

based on the assumption that the beam is torsionally restrained

and that the bending moment is uniform over the braced

length. The Hanshin provisions have limits of applicability
similar to the McManus-Culver equations. Again, these limits
were ignored when predicting the ultimate moment of the test

specimens.

Failure of a compact beam requires the formation of a
plastic mechanism. To obtain a mechanism, a hinge must
occur at each brace point and at midspan. The McManus-
Culver model predicts only the first hinge, assuming that the

remainder of the beam remains elastic. Failure of the beam is

expected to occur at a load greater than that causing the first
hinge. V/hen the lateral flange bending stress is small, that is,

R/l is large, the beam should fail predominantly in vertical
bending. Torsionally pinned simple-span specimens need

only a hinge at midspan to form a mechanism.

The lateral flange bending stress computed from the virtual
"q" load in Equation (8-6) in the Vload method (1) is used

to compute both the compact plastic and noncompact first
yield moment values in Tables B-5 and B-6 for the Culver and

Hanshin cases.

To investigate the assumption that the McManus-Culver
equation may double count lateral bending stress due to cur-
vature if the V-load method is used to determine f,, the
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TABLE B-3 Mozer-Culver test specimens: I-girder selected ratios (56'57)

Specimen Qlbl R/, Compact
tJn

D/t* a,zoot,fi,
h/r

b/t' +,+oot/1,
h/r

Fy" lFy*
d/D

Long.
sriff

tJîo | 

",llo

c8-2 8.0 18.6 108 141 15.8 20.3 21.7 1.31 0.80 0.67 no .29 -.29

c9-2 8.0 6.3 103 150 17.2 20.3 23.7 0.97 0.77 1.33 no .84 ..84

013 7.0 7.4 103 150 17.2 23.4 23.7 0.97 0.68 0.67 no .62 ..62

014 7.0 7.4 103 149 tL¿ 23.0 23.7 o.97 0.74 0.67 no .63 -.oJ

L1-A 10.0 oo 112 149 15.8 15.2 21.7 1.38 0.92 0.83 no .69 ..69

L2-A 10.0 10.1 112 151 15.8 15.4 21.7 1.38 0.91 0.83 no .67 -.67

L2.B 10.0 10.1 112 151 15.8 15.4 21.7 1.38 0.91 0.83 no .67 -.67

L2-C 10.0 10.1 112 151 15.8 15.4 21.7 .1 
.38 0.91 0.83 no .67 ..67

Gt-3 15.3 '10.0 95 150 l/_5 Ló¿ 24.0 0.83 1.10 1.00 no 1.05 -1 .05

Gl-4 15.3 10.0 otr 150 17.5 7.82 24.0 0.83 1.10 0.83 no 1.05 -1 .05

Gt-5 15.3 10.0 oq 150 17.5 7.82 24.0 0.83 1.10 0.83 no 1.05 -1 .05

GO-8 10.0 10.6 oa 16.5 15.7 ¿¿. I 0.97 2.48 none no .77 -.77
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TABLE B-4 Nakai and Fukumoto test specimens: I-girder selected ratios (28,31)

Specimen 0lb, Rla Compacl D/L 3,2o}t,f 7 b1t 4,4oot,f Fy Êlc Aspecl Long.

ê1il¡

lllo llo
Midsn¡n

M1 11.1 89.5 178 IJ,J 15.0 18.6 1.21 1.66 0.5 no 0 0

M2 1 1.0 14.7 89.5 177 13.5 15.2 18.6 1.21 1.64 0.5 no TA -q^

M3 13.3 I ¿-J 93.6 178 14.4 15.0 19.8 1.17 1.65 1.0 no .81 -.81

M4 1 1.1 5.2 89.5 177 13.5 15.0 18.6 1.21 1.66 0,5 no 1.60 '1 .60

tv'ts 1 1.1 5.3 97.3 248 14.4 '15.1 19.8 1.26 1.20 0.5 no 1.47 1.47

M6 11.0 5.4 100.2 257 14.4 15.3 19.8 1.34 1.14 0.5 yes 1.43 1.43

M7 1 1.0 5.3 99.3 178 14.4 15.1 19.8 1.31 1.65 0.5 no 1.55 1,55

M8 22.1 99.3 175 1 4.4 /ô 19.8 1 0< 3.40 0.5 no 4.30 -4.30

M9 13.3 4.5 93.6 175 1 4.4 15.0 19.8 1.17 1.69 1.0 no 2.20 -2.20

AR-1 16.7 13.6 '104.1 45 17.3 12.1 23.8 1.0 t.bb none no 90/0 0

AR-2 16.8 29.8 1 04.1 44 t/.J 12.2 23.8 1.0 1.71 none no .42/0 0

AR.3 16.9 99.8 '104.1 44 tt.ô 12.1 23.8 1.0 1.74 none no 12/0 0

BR.1 27.8 12.1 104.1 45 17.3 12.O 23.8 1.0 1.63 none no 1.67lO 0

BR.2 ¿t.ó 25.8 104.1 44 17.3 12.1 23.8 1.0 1.72 none no .80/0 0

BR-3 28.0 172 1 04.1 45 17.3 12.O 23.8 1.0 1.69 none no 12/0 0

McManus-Culver predictor equations were used again. assum-

ingJ" equals zero. The comparison of test results to the new
moments is shown in Tables B-7 and B-8. Assuming the
warping stress is zero at brace points is different from
assuming there is no lateral flange bending stress at these
points in the McManus-Culver predictor equations. Lateral
bending stress due to radial and amplification effects is
tacitly considered, as discussed earlier.

The effect of assuming the warping stress is zero on plas-
tic moment based on combined vertical and lateral moments,

M"o pu"r, is to decrease the predicted moment capacity. The
effect on the first yield moment M] is to increase the predicted
moment capacity. Generally, the strength predictions com-
pared to test values are thought to be improved over those in
Tables B-5 and 8-6 where double counting of warping stress

is thought to have occurred.
Measured lateral flange bending stresses reported by Mozer

etal. (56,57) were significantly different from those computed
using the strength of materials method. Lateral flange bending
stresses were not reported by the other researchers. Although

TABLE B-5 Mozer-Culver l-girder moment test data compared to strength equations

Specimen M*r,
(k-in)

Culver Hanshin Fukumolo

Compact Noncompact

M, (k-in) Ratio M, (k-in) Râlio
M" (k-in) Ratio M" (k-in) Halio

cB-2 2241 2342 1.05 1521 0.68 1774 0.79 2190 0.98

c9-2 1754 1627 0.91 598 0.33 976 0.54 1453 0.81

D13 2046 1 958 0.96 903 0.44 274 o.62 1824 0.89

Dt4 938 1 935 1.00 885 0.46 254 0.65 1803 0.93

L1-A 830 1716 0.94 843 0.46 107 0.60 1509 0.82

L2-A 830 1749 0.96 872 0.48 't 36 0.62 1 540 0.84

L2.B 833 1745 0.95 472 0.48 136 v -o¿ 1 540 0.84

L2-C 944 17 49 0.90 872 0.45 136 0.58 1540 o.79

Gt-3 636 1 058 0.65 453 0.28 651 0.40 991 0.61

Gt-4 674 1 058 0.63 453 0.27 651 0.39 991 0.59

Gl-5 377 1 058 o.77 453 0.33 651 o.47 991 0.72

GO-8 2120 1 995 0.94 931 o-44 '1Ê,7 ô55 1a.23 o91
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TABLE B-6 Nakai and Fukumoto I-girder moment test data compared to strength equations

Specimen M,,,,
(k-in)

Culver Hânsh¡n Fukumoto

Compact Noncompact

M,, (k-in) Ratio M" (k-in) Batio
M" (k-in) Rat¡o M" (k-in) Ralio

M1 8098 7844 0.97 6930 0.85 7428 0.92 7989 0.99
M2 7752 7062 0.91 3692 0.48 4653 0.60 61 69 0.80

M3 6131 5718 0.93 2620 0.43 3498 o.57 51 45 0.84

M4 7203 4774 0.66 261 I 0.36 4261 0.59

M5 5902 3995 0.68 2291 0.39 3589 0.61

M6 6287 4024 0.64 2311 0.37 3558 0.57

M7 6547 4338 0.66 2366 0.36 3827 0.58

M8 2935 1 069 0.36

M9 5548 2575 0.46 31 26 0.56

AR-1 442 287 0.65 420 0.95

AR.2 463 387 0.84 510 1 .10

AR.3 548 498 0.91 599 1.09

BR-1 270 199 0.74 ¿ov 0.96

BR-2 JJJ 303 0.90 342 1.02

BR-3 3P.7 443 1.27 474 122

no longitudinal forces at bearings were reported, it is likely
that significant lateral forces occurred at the bearings in all
tests. When restraining forces at bearings are in line with
the girder, they produce thrust and negative bending in the

specimen.
The flanges of the first four specimens in Table B-3 are

noncompact. Specimens C9-2,D13, and D14 failed by local
flange buckliîLg (49). Specimens L2-B and L2-C failed by
web buckling. A1l five of these specimens were subjected to

shear in the test panels. They failed in modes other than

bending and/or lateral bending; thus, they did not test the the-

oretical models for pure bending.
When the warping stress is that determined by the Vload

method, the ultimate moment capacity predicted by McManus-

Culver is unconservative by 6 to 27 percent, as shown in
Tables B-5 and B-6. When the warping stress is assumed to

equal zero, the predicted plastic moments are reduced, as

shown in Tables B-7 and B-8. Predicted moments for four
Fukumoto specimens exceed the test moments. The specimens

are subjected to high shear in these cases.

TABLE B-7 Test moment versus compact and noncompact moments ìilithf' = 0

Test

Mrrs,
(k-in)

Compacl Noncompact

Mn/M"
M. (k-in) M"/M M" k-in) M" / M,o.,

c8-2 2241 2171 0.97 1 591 0.71 0.73

c9-2 1794 1 346 0.75 82B 0.46 0.62

D13 2046 '1683 0.82 1 101 0.54 0.65

D14 1 938 1 659 0.86 1 082 0.56 0.65

L1-A 1 830 1450 0.79 925 0.51 0.64

L2-A 1 830 1484 0.81 951 0.52 0.64

L2-B 1 833 1484 0.81 951 0.52 0.64

L2-C 1944 1484 0.76 951 0.49 0.64

Gt-3 1 636 843 o.52 505 0.31 0.60

Gt-4 1674 843 0.50 505 0.30 0.60

Gt-5 1377 843 0.61 505 0.37 0.60

GO.B 2120 1 580 0.75 999 0.47 0.63
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TABLE B-8 Test moment versus compact and noncompact moments withJÇ = 0

Test
Mr."t
(k-in)

Compact Noncompact
M"/M"

M lk-in) M^/M M- lk-in) M^/M

M1 8098 781 I 0,97 6865 0.85 0.88

M2 7752 6112 0.79 3986 0.51 0.65

M3 6131 46S5 0.77 2871 0.47 0.61

M4 7203 3737 0.52 2216 0.31 0.59

M5 5902 31 60 0.54 1882 0.32 0.60

M6 6287 31 B0 0.51 1 895 0.30 0.60

M7 6547 3384 0.52 20.15 0.31 ^aÞ

MB 2935 bII 0.23 528 0.18 0.60

M9 5548 2530 0.46 I 529 0.28 0.60

ARI 442 389 0.88 227 0.51 0.58

AR2 463 498 t.07 320 0.69 0.64

AR3 548 551 t.0't 430 0.81 0.78

BR1 270 209 0.77 121 0.45 0.58

BR2 335 362 1.08 193 0.58 0.53

BR3 387 442 L14 344 0.89 0.78

The predicted moments at f,rst-yield increase when the

wa{ping stress is assumed equal to zero, as seen in Tables B-7
and B-8, The predicted values are lower, compared to
observed ultimate moments.

Nonlinear behavior was visually identified from plots of
vertical deflection versus concentrated load for the Mozer
pure bending tests. These values, as a percent of ultimate
loads, are compared to the computed first yield moment
divided by the observed ultimate moment in Table B-9. Pre-
dicted moment values assuming a warping stress valuã
based on the V-load method and assuming warping stress

equal to zero aÍe compared to the moment at which depar-
ture from linear behavior was observed. The ratio of the
observed nonlinear behavior value divided by predicted first
yield is presented. The first yield moment is a conservative
predictor of the onset of nonlinear behavior. Table B-10
gives similar values for the test specimens loaded in bending
and shear.

Nonlinear behavior is related to yielding and deflection
amplification. Yielding occurs prior to computed first yield
values when residual stresses are present. Heat-curving of
girder flanges can increase residual stresses signiflcantly;
however, only flanges of Specimen C8 of the Mozer tests

were heat-curved. Flanges of the other Mozer specimens

were cut-curved, which tends to produce lower residual
stresses in the flanges.

The specimens under pure moment deviate from linear
behavior at higher moments than those predicted using
McManus' first yield. The specimens under combined shear

and bending tend to deviate from linear behavior at moments
less than those predicted with the first yield criterion. The

largest enor in predicting nonlinear behavior using first yield
occurred for Specimen C8, which was heat-curved. How-
ever, Specimen C8 also has the largest radius of any spe-

cimen so lateral bending was smaller and the predicted
moment was relatively large. It appears that first yield is a

TABLE B-9 Nonlinear deflection comparison, pure moment case

Specimen Nonlinear Defl
(1)

f* by Vload
(2)

rreqtcleq
Observed

(2y(1)
l*=o

(3)
Obseryed

(3)/(1 )

L1-A 0.70 0.46 0.66 0.51 o.73

L2-A 0.55 o.48 0.87 0.52 0.95

Gt-5 0.55 0.33 0.60 0.37 r\ A7

GO-8 0.90 0.44 0.49 0.47 o.52



TABLE B-10 Nonlinear response compared to first yield' single load case

Specimen Nonlinear Dell
(1)

f" by Vload
(21

Observed
(2y(1)

f*=o
(3)

Obserued
(3y(1)

L2-B 0.55 0.48 0.87 o.52 0.95

L2.C 0.55 0.45 0.82 0.49 0.89

c8- 0.65 0.68 1.05 0.71 'I .09

c9 0.45 0.33 0.73 0.46 1.00

D.l3 0.45 0.44 0.98 0.54 1.20

D14 0.50 0.46 o.92 0.56 1.12

'Heat-curved
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reasonable estimate of the onset of nonlinear behavior for the

curved l-girders tested.

The Hanshin criterion gives moments lower than Fuku-
moto's equation in most cases, higher than Culver's first yield
moments, and lower than Culver's plastic moment values.

A.4 Shear Strength

Shear buckling strength of a curved web is higher than the

shear buckling strength of the same flat web panel (58). How-
ever, it does not follow that the ultimate strength of a curved

web is higher than that of a flat web. There have been numer-

ous tests of curved l-beams subiected to flexural shear, but
these are not reported herein because no new strength models

have been presented for these tests. Shear-moment tests were
performed by Mozer et al., Nakai et a1., Brogan, and Culver.
These tests indicated the ultimate shear strength of curved

webs may be somewhat less than that of flat panels of the

same size; however, post buckling strength was still evident
(8,33,58-60). Stiffened web panels with aspect ratios near 1.0

were tested, along with unstiffened stocky webs (D/t*<70),

Culver et al. (60) proposed that the elastic buckling
strength of an equivalent stiffened flat plate be used for a con-

servative prediction of shear strength of a curved I-girder
web. Shear and moment interaction of curved girders has

been found to be well predicted by Rocky's model used in
855400 (ó1). The strength of a curved l-girder web under

combined shear and moment is somewhat less than the

strength predicted by Basler's model (33).

4.5 Bracing Forces

Bracing members transfer load between the curved girders

and provide for statical equilibrium; therefore, bracing forces

must satisfy equilibrium between applied loads and action
of the girders. The vectorial sum of horizontal cross frame
forces at a point on a flange must conespond with the lateral

bending in the flange. The cross frame forces cause nonuni-
form torsion in the girder, resulting in either warping stress

or lateral flange bending due to distortion and amplification.

Forces reported by Mozer et al. in the cross frame mem-

bers in Tests 5 and 8 were not in equilibrium based on first
order analyses; the top-chord force was larger than the

bottom-chord force in several locations (57). Reported com-
pression forces were higher than predicted values, and the

tension forces were lower than predicted (57). Two strain
gages were used on each cross frame member, and the

strain readings were averaged. It is possible that the dis-
crepancies resulted from experimental error in measuring
the small cross frame forces or that the bolted connections
caused eccentricities not considered. However, the mea-

sured stresses due to lateral flange bending moment corre-
lated quite well with corresponding cross frame forces. For
example, where the top chord of a cross frame had a larger
force than the bottom chord, there was a similar difference
in lateral flange bending stress at the same point. This cor-
relation leads to the tentative conclusion that the reported
cross frame forces are reasonably correct. The difference
between top and bottom flange lateral bending moments

may be due to radial effect and amplification (i.e., the

deformation of the structure such that a first-order analysis

is not accurate). As shown in Figure B-6, the top-chord
force is nearly twice the computed value based on small
deflection theory in some locations.

Chord forces and end diaphragm stresses in Test 8 were

nonlinear with increasing load. This indicates load shifting
from girder GO to girder GI as girder GO yielded. When the

applied load increased, girder GO probably became less stiff
due to yielding, resulting in the girder canying a smaller por-
tion ofthe additional load. Girder yielding tends to reverse the

sense offorce in the cross frames. Because the strain gages on
girder GO were not measuring strains beyond yielding, the

failure moment was determined by extrapolating the applied

load. But the loss of stiffness in GO causes an extrapolation
of the elastic moment to overestimate its true moment. This is

consistent with observed and computed moments in Table B-8
where the predicted moment capacity of GO is less than the

observed moment capacity. This is due, in part, to the fact that

GO received less load at failure than estimated by using a

linear extrapolation. Confirmation of this was not possible

because the corresponding moment in GI was not measured.
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Due to this shift of load between girders as they yield and the
change in their stiffnesses, inelastic moment in curved gird-
ers cannotbe predicted from elastic analyses. A similar effect
can be expected in straight-girder bridges. Due to the shift
of load between girders, plastic behavior of curved girders
cannot be predicted from elastic analyses.

B. Box Beams

B.I Strength - Analytical

Behavior of curved box beams is complex because of tor-
sion. Nasir found that torsional shear in box flanges reduces

the bending tensile stress required to cause yielding (51).
Premature yielding of the flange has, in turn, a deleterious
effect on flange buckling (51).

P
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A curved compression flange subjected to bending and
torsion begins to deform out-of-plane as soon as torsion is
applied (51). Longitudinal stiffeners, if present, tend to
twist very early under these loading conditions (51,62).'fhis
behavior is different from that observed in box beams not
subjected to torsion. The addition of transverse flange stiff-
eners increases the buckling strength of flanges subjected to
torsional shear. Otherwise, flexural buckling of the flange
plates is similar to flanges of straight box girders not subjected
to torsional shear.

8.2 Tests

Even fewer tests were conducted on curved steel box
beams than on curved steel I-beams. Box beam tests per-
formed during the CURT project were limited to six small
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specimens and two larger ones. Figure B-7 describes the

smaller box Specimens B 1 and B2. Figure B-8 describes box
Specimens 83 through B6 (63). All of these specimens had

transverse web stiffeners spaced from 0.3 to 1.0 times the

web depth. The intermediate diaphragms were %-in. fhick
plates. Figure B-9 is a schematic of the test arrangement for
box Specimens B 1 through B6 (ó3). Cross sections of Spec-

imens 87 and B8 are shown in Figures B-10 and B-11,
respectively (64). A schematic of the test arrangement

for Specimens 87 and B8 is shown in Figure B-12 (64).
Table B-11 gives the dimensions of the curved box beam

Specimens B1 through 88.
A plate was used as a tension flange for each pair of Spec-

imens B1-82, B3-84, and B5-86. These tension flange

plates represented an uncracked concrete deck. The yield
stress of steel in these boxes was approximately 40 ksi. The

boxes were tested as simple spans. Torque was applied at one

end through an eccentric ram, in addition to the torque due

to curvature. The two concentrated loads provided a center

region of low bending shear. Bending and end torque were

93

increased monotonically. Because torque and bending loads

were applied separately, different ratios of veftical and tor-
sional loads could be applied. Eight tests were performed on

the six specimens.
Torque due to curvature associated with bending changes

from negative to positive along the span, while torque due to

the applied eccentric load is constant along the span. This
means that the sum of torsional and bending shear stresses is

greatest at the supports where the bending stress is small, and

the bending stress is greatest in the middle of the specimens.

Maximum applied loads are compared to calculated critical
loads in Table B-12. Modes of failure for Specimens B1

through 86 are summarized in Table B-13.
The ratio of test shear strength to predicted shear strength

of the box webs was less than the similar ratio observed in the

curved I-girder tests. Excessive out-of-plane web deformation
was observed under large torque. The test reports suggest the

out-of-plane bending of box webs due to torsion might cause

them to be weaker than I-girder webs. The inclination of box
webs also is thought to contribute to lower strengths (62).The
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compression flange strength was less than that in straight box
flanges (64), Longitudinal stiffeners were observed to twist,
permitting the flange to twist out of plane. Torsional shear
stress was reported to contribute to this phenomenon, although
curvature may have been a contributing factor.

Theoretical study indicated that curvature in the practical
range was not expected to reduce the buckling strength (ó2).
The ultimate strength of box-girder sections is dependent on
three parameters: torsional shear stress, compression flange
buckling resistance, and cross-section distortion (63,65).

Research shows that the compression flange of curved boxes
has little post-buckling strength (62-64). The torsional shear

stress should be considered in conjunction with compression
bending stress in determining buckling strength. Buckling
stress is defined for three regions of slenderness: plastic,
inelastic, and elastic.

Thirteen tests were performed in the elastic range on Spec-
imens B7 and 88 (ó4). Tests to failure were subsequently
performed (ó5). Three testing arrangements were used: con-
centrated loads at quarter points with simple-span supports
(240 in.), a concentrated load at midspan with simple-span

$ ,, or.c ,o',,
Eolt¡

32 @È3r

supports Qaj in.), and two equal spans (I2O-120 in.) with
equal concentrated loads at quarter points. The purpose of
these tests was to evaluate deflection and behavior of box
beams with practical web and flange slendemess. Measured
displacements indicate that curvature of the web contributes
to the overall flexural rigidity of the box, and internal cross
frames are effective in reducing box deformation. Measured
box rotations were greater than computed rotations, assuming
no deformation of the box.

Retention of the box shape is accomplished by internal
bracing members. Research has confirmed that closer-spaced
bracing reduces distortion and distortion-related transverse
bending stresses in the box elements. Culver suggested that
additional research is needed to define the optimal bracing
stiffness and spacing (8). Wright and Abdel-Samad pre-
sented a method to compute internal box cross frame forces
and transverse bending stresses using a beam-on-elastic-
foundation (BEF) analoqy @6).Several tests were per-
formed with different internal cross frame spacing (64).It
was observed that cross frame spacing greatly affected both
vertical deflection and rotation ofthe box.

l.--¡.rgL,{
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TABLE B-11 Dimensions of specimens B1-88 (in.X6¿ó4)

Specimen width
Too

W¡dth
Bot.

t, tw Depth Rad¡us Span Brace

B1 8.00 12.75 0.25 0.10 9.0 134 86 16.5

B2. 8.00 12.75 0.25 0.10 9.0 134 öb tb-5

83. 12.75 12.72 0.10 0.10 9.t, 646 89 25.8

B4- 12.75 12.75 0.10 0.10 9.0 646 89 25.8

B5- 12.75 12.75 0.10 0.10 9.0 134 86 26.8

86. 12.75 12.75 0.10 0.10 9.0 134 86 26.8

B7* 3¿.¿3 32.00 0.25 0.12 18.0 434 120t
240

Vary

88.- 32.52 24.OO 0.25 0.12 18.0 434 120/
240

Vary

in. wide 0.37 in.

TABLE B-12 Test results: specimens B1-86 (ó3)

Test vtF

Calculated loads
Maximum ir

TestShear Shear Bending Bending

P H P H P H P H P H

81-T1
81-ï2

0.0
0.1

47
aa 124 ÓT tóJ JC 143

39
38 147

.20

JO

0
130

B2-12
B2-T3

0.2
0.0

¿o
47

185 ôl 275 ,5t
39

283 29
42

205
0

B3-T1 0.0 70 a1 71 5S 0

B4-T1 0.3 45 194 65 232 65 toa 52 234

B5-T1 0.1 45 65 71 B6 71 102 56 BO

B6-T1
B6-T2

^2
0.0

36
52

l5Ò 67 232- 67 290 47
58

202
0

: P: kips: H: kip-in (equal extra torque in addition to simple support react¡on)

* Bottom flange 17 in. wide by 0.37 in. thic'
** Bottom flange is 38.25 in. wíde by 0.25 in thick.

UNITS: P: kips; H: kip-in (equal extra torque 
'- This test was to examine test arrangement

"* Load greater than full plastic moment capacity
V/F = shear stress / flexure stress

The bracing connections in the boxes are important.
Inspection of a bridge on one interchange revealed numerous

cracks in the box webs (67). Analytical examination of the

structure indicated large internal bracing forces and inade-

quate bracing connections, resulting in fatigue cracks in the

web that required expensive retrofitting.

The provisions for curved box flanges in the Guide Spec

are based on strength provisions for straight box girders in
AASHTO. These AASHTO equations in the Guide Spec,

which give critical stresses for compression and tension
flanges, have been modified to reflect the effect of torsional
shear stress. Box webs are designed as if they were l-girder
webs except that vertical shear must be adjusted for web

inclination.
The only test of a trough-type box girder with top flange

bracing was conducted by Daniels et al. (10,13). Compari-
son of measured deformation with predicted rotations and

deflections was not performed.

C. Model Bridge Tests

Culver et al., Beal, and Nakai have tested small model
curved I-girder bridges, not included here. The Beal and

Nakai tests were terminated due to excessive deflection

TABLE B-13 Failure modes of specimens Bl-86 (ó3)

Test Failure Mode

B1-12 Outer web buckle near end

B2-Í2
B2-T1

Outer web buckle near end
Flange buckle in test section

83.T1 Local buckle between stiff. in test section

84.T lnner web buckle in test section

B5.T lnner web buckle in test section

B6-T1
86.T2

Outer web buckle near end
Local buckle between stiff . in test section
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rather than failure. A small Plexiglas model was used by
Christiano to study dynamic effects of moving loads on
I-girders (ó8). This model was not tested to failure.

D. Field Measurements

Field tests ofbridges during construction have been car-
ried out by Buchanan et al. (ó9), Douglas et aI. (70),
Beal et al. (71-74), Gambrell et al. (75), and Goebel (76).
During the fall of 1973, the I-695 and I-83 interchange,
C Viaduct, located near Baltimore, Maryland, was tested
andanalyzed for both dead and live loads during and after
construction (21,69). The superstructure consists of two
trough-girders, 4.5-ft deep by 11-ft wide. The composite
deck is 10-in. thick. The bridge has three continuous spans

of 100- 133- 122 ft with a centerline radius of approximately
1,318 ft. Measured stresses and deflections correlate fairly
well with analytical values from a finite difference method,
CURSYS (50). Numerous live-load tests have been carried
out on this bridge. To date, there are no reports comparing
modern finite element analysis to the test results for the Bal-
timore bridge, or any other curved bridge tested. Analysis of
these data should reveal a great deal about the behavior of
curved steel bridges at service stress levels.

E. Structural Analysis

There are two critical elements regarding structural analy-
sis of curved bridges: the analysis of the curved beam mem-
ber and the analysis of the entire structure. Earliest attempts
to analyze a curved l-girder were performed without the aid
of computers (77,7 8) and were directed toward proper analy-
sis of a single girder. Parallel analyses of structural frames
were available by using various techniques such as moment
distribution and slope deflection (77 ).

Early recognized limitations of linear solutions for the sin-
gle curved-girder problem were attacked with approximate
computer methods such as the approach by McManus (47).
Grid analyses of bridges were developed in Britain and Ger-
many in the 1950s. These early grid solutions were directed
more toward straight-girder bridges and did not recognize
nonuniform torsion.

Approximate methods were developed that recognized
both nonuniform torsion and interaction between curved
girders. The Vload method (1), developed for I-girders, is
theoretically pure with regard to torsion due to only curva-
ture and load distribution for static equilibrium. The method
works best for framing without a deck. These limitations are
rather severe, but the method provides very adequate solu-
tions in many cases. The V-load method does not account for
lateral bracing between girders in the plane of the flanges.
Accuracy of the method with regard to live load is dependent
on the ability of the user to assign load to the girders prior to
commencing the V-load analysis.

Box-girder bridges have been analyzed with an approxi-
mate method, called the M/R meth od (79). With this method,
the torsion due to curvature is assigned to each girder. The
assumption is made that the girder is free to rotate without
restraint of the deck or cross frames attached between boxes.
It is also assumed that the box retains its shape, and that no
other torsion is applied to the girder. These are rather strict
limitations that many bridges do not meet.

These approximate methods of analysis have been found to
be reasonably accurate for noncomposite dead loads and are

capable of even accounting for a limited amount of skew.
There are many bridge analyses, however, where approximate
methods do not provide adequate results.

Early computer analyses used a two-dimensional grid
model of the superstructure. Usually, these models were not
capable of considering warping. Nonuniform torsion often
produced large lateral bending stresses that needed to be con-
sidered in the stiffness of the member. St. Venant shear was
not adequate to distribute loads properly. Special elements
have been developed for considering warping (22) by using
strength of materials principles that assume the cross-section
shape is retained and the structure behaves linearly. The
accuracy of this assumption vaties with the girder section,
but it is generally not very accurate for box-girder bridges.

The finite strip method also has been developed for analy-
sis of curved beams. The bridge is divided into a series of
curved strips that extend across the bridge width. The strips
are restrained according to stiffness of cross frames and deck
such that the effect of cross bracing can be recognized (80).

The finite element method permits the structure to be

divided into a discrete number of elements connected at

nodes with freedom to translate or rotate (81). The solution
for compatible motions at nodes is performed by using
matrix algebra. Different levels of modeling and analysis are

available.
The simplest finite element models are linear-elastic grid

models. One shortcoming of this type of analysis is that it
does not permit correct modeling of the deck and bearings,
because they are not usually located at the neutral axis of the
girders as assumed in many grid analyses. This type of analy-
sis generally cannot recognize warping. Curvature is mod-
eled with a series of straight elements with small kinks at
each node. However, there are programs that do consider
warping of beam members (22,82). Some of these programs
canrecognize nonuniform torsion such that curved elements
can be used. These methods do not recognize cross-section
deformation or amplifi cation.

Another level of linear elastic finite element modeling is
the three-dimensional method. This method permits beams
to be modeled to reflect warping as well as distortion. The
beam cross section is modeled with a series of shell elements.
Cross frames and deck can be modeled. The method permits
consideration of horizontal shear in the deck and eccentric-
ity of bearings (BSDI3D System) (B3). The method does not
consider amplification effects or nonlinear material behavior.



Finite element methods must have loads applied and bound-
ary conditions deûned by experienced users. Application of
these methods is a complex art. Several softwa¡e packages are

available for use by the bridge designer. These packages often
help the user to determine boundary conditions and loading.

More advanced general purpose finite element programs
are available that consider large deflections and/or nonlinear
material behavior but are not used, at the present time, for
design.

F. Vibration

Vibration investigations of curved girders have been divided
into two components: the determination of the natural mode
of free vibration of a single girder and the study of the move-
ment of live load across the bridge that causes a forced
dynamic behavior (ó8). Dynamic analyses demonstrate an

interaction between three factors in the determination of the
first mode of vibration (ó8). The three terms are

I p I AR2, I o / I p, atd yor, I R2

where

Ip = polr moment of inertia about the center of gravity,
¡, = polar moment of inertia about the shear center,
R = radius ofbridge,
A = cross-section area ofbridge,

/n = distance between shear center and center of gravity,
and

rr = radius ofgyration ofbridge cross section.

There are no simple means available for determining the
natural frequency of a curved bridge (84).

Bearing lateral restraints may be arranged such that a

curved bridge can develop a free mode ofvibration in the lat-
eral direction, acting as an arch. This mode has been found
to have a frequency half as large as the second mode, which
is usually in the vertical plane (85).

G. lmpact

Impact is a term used to describe the dynamic contribution
to the deflections and stresses. It results from the bridge
responding to moving loads. If the load traverses the bridge
smoothly, the magnitude of impact is related to the ratio, 4
where Z equals time for a live load to traverse a span/natural
frequency of span (ó8). The ratio, live-load mass/bridge
mass, is not significant in normal bridges (ó8). Sprung loads
cause greater impact than unsprung loads. Roadway roughness

also is a contributing factor to impact.
Analytical studies of curved I-section bridges indicate

slightly greater impact factors than for similar straight
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bridges for bending (ó8). However, the dynamic component
ofnonuniform torsion in bridges has been reported to be dis-
proportionately larger than the dynamic component of flexural
responses (ó8).

Similar analyses of curved box bridges indicate that
dynamic effects are greater than those of straight box bridges
(8ó). This may be due to the larger torsional stiffness of box
girders compared to l-girders. The larger dynamic effects are

reflected in the Guide Spec (9) provisions.

H. Fatigue

Concern has been expressed regarding the bending
stresses due to web bowing at panel boundaries defined
at flanges and stiffeners (8,10,87). Fatigue tests and mea-
sured deformations have been carried out on laboratory
I- and box specimens (l 1,87). The I-girder tests involved a

two-girder frame having a 40-ft span and 120-ft radius. The
doubly symmetric girders were spaced at 5 ft. One frame
had two girders with the same size flanges. In the other
frame, the outside girder had larger flanges than the inside
girder. For example, the outside girder of one frame had
10 x %-in. flanges, while the inside girder had 8 x %-in.

flanges. The girders were approximately 5-ft deep. Web
slenderness varied from 139 to 186. Cross frames were
spaced at 10 ft. Loads were applied between the two gird-
ers at approximately quarter-points of the span over the
cross frames. There were five such frames built and fatigue
tested.

Three single box-girder specimens were also tested
(10,87). Each box was approximately 36-in. deep by 36-in.
wide, with vertical webs. The bottom flange had longitudi-
nal stiffeners. These specimens each had a 60-in.-wide
stiffened top plate that provided closure ofthe sections and

represented a concrete deck. Spans were 36 ft with a radius

of 120 ft. Box specimens were loaded over the interior
web at quarter points. Interior bracing was placed at 9-ft
intervals.

Analysis of web panels using a double shell-technique by
Brogan (58) and Culver et al. (59) indicated that a reduced
slenderness would account for the effect of curvature on lat-
eral web bending stresses such that the through-thickness
bending stress in the curved web would roughly equal those

in a straighrgirder web with the maximum permitted AWS
out-of-flatness. Daniels et al. presented a simpler formula
based on similar work and the experimental results (15).

Stiffener spacing was limited to the web depth in both the
Guide Spec and Hanshin.

Results from these fatigue tests (15) indicated that the

AASHTO fatigue provisions for straight girders could be
applied to curved girders for the details examined.

There have been reported fatigue cracks of box girders
(67). Retrofit procedures were developed and implemented.
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III. DESIGN SPECIFICATIONS

A. Background of AASHTO Design
Specifications

Design specifications are developed both from theoretical
research and from experience. To better understand the gene-

sis of the Guide Spec, it is necessary to examine the relevant

history of the AASHTO Standard Specificationsfor Highway
Brídges (41).

Until the early 1960s, AASHO dealt with only noncom-
posite stringer bridges. Steel stringer sections were nearly
symmetrical with respect to the transverse axis through the
web so the neutral axis and shear center were coincident and

at middepth. All vertical loads were assumed to be resisted
by only the steel section. Allowable stress design (ASD) was

used. The permitted bending stress was 55 percent of the
minimum specified yield stress, which was 33 ksi. Design
live load was HS20-44. As it had been since the 1950s, the
portion of a wheel line assigned to each stringer was deter-
mined by using S/5.5 as a wheel load distribution factor.
Live-load deflection, based on the stiffness of the steel sec-

tion only, was limited to span/800, assuming uniform partic-
ipation of all stringers. Fatigue was treated with a provision
that limited alternating stress derived from riveted joint
fatigue tests.

The vast majority of bridges were simple spans. The
stringer spacing of multistringer bridges was rarely over 9
ft and was more commonly between 7 and 8 ft. Rolled
beams were used on spans up to 90 ft. Riveted girders with
stringer-and-fl oor-beam affangements were commonly used
in longer spans. The minimum girder depth was specified
as span/25 based on economics and, perhaps, to control
deflections.

In the 1960s, composite design and welding were intro-
duced into the AASHTO bridge design specifications. The
effective width of deck was set at 12 times the deck thick-
ness. This rule permitted inclusion of the entire deck of most
bridges, because the deck thickness was usually 8 in. and the
stringer spacing was 8 ft or less. The common steel grade,
ASTM 436, had an enhanced minimum specified yield stress

of 36 ksi. A more comprehensive fatigue specification based

on American Welding Society (AWS) provisions was pro-
vided. The maximum web slenderness permitted without
transverse stiffeners was increased from 50 to 150, with pro-
visions limiting the sheal stress. The span-to-depth limit was
modified to permit span/3O for the steel section and span/25

for the composite section.

ite action also leads to a further reduction in steel section. All
of these changes led inevitably toward increased dead- and

live-load deflections.
There was no requirement to evaluate the noncomposite

section for lateral torsional buckling or web bend-buckling
prior to curing ofthe deck. The full posrbuckling strength of
the web was permitted in deadload shear. Longitudinal stiff-
eners were permitted, but they were placed as though the sec-

tion was doubly symmetric, and a check for the noncomposite
condition was not required.

In the late 1960s, load factor design (LFD) was introduced.
Girder stresses were factored and checked against an ulti-
mate stress state. Girder strength was presented in terms of
moment capacity. With LFD, loading assumptions (includ-
ing wheel load distribution factors), live-load deflection
limits, and span-to-depth limits remained the same. The
common load condition for girder moments is l.3DL +
2.2(LL + 1). A check for overload was also required where
the stress due to the load condition, DL + 1.67 (LL + 1), must
be less than 0.95F, (composite) or 0.80F,, (noncomposite).
For spans greater than 40 ft, LFD provided economy by
reducing girder weight compared to ASD.

The tension field concept was introduced into LFD, but not
into ASD. With tension field, maximum transverse stiffener
spacing was increased from D to 1.5D. The maximum web
slendemess permitted with transverse stiffeners was increased

from 150to 165.

Fatigue provisions became more stringent after the obser-
vation of fatigue cracks around welded details. Although
quenched and tempered steels were permitted since the early
1960s, price limited their use to only a few applications.

Introduction of the curved-girder Guide Spec was the most
important change in the late 1970s as far as design of steel

bridges was concerned. The research leading to these guide-
lines was performed referencing the AASHTO straight-
girder provisions. Because LFD was not widely accepted at

the time, the Guide Spec was developed for both box and

I-girders in ASD format.
The Guide Spec presented several major departures from

the classical assumptions in AASHTO. For the first time in
the United States, an analysis of the entire superstructure was

required by specification. New types of analysis tools were
required. Although this approach always had been used in
Europe, it had never migrated to North America where wheel
load distribution factors had reigned supreme. To circumvent
the requirement of full superstructure analysis, approximate
methods were developed that permitted use of a line-girder
analysis with modifi cations.

Continuous spans became prevalent but the stringer spac- Strength ofcurved l-sections was examined and presented
ing generally did not exceed 9 ft. Methods of assignment of in the Guide Spec as a modification of AASHTO's lateral
live load, limits on live-load deflection, and girder depth bucklingequationforpartiallybracedsections.Themodifica-
remained essentially unchanged, although a deflection limit tions were in terms of p factors used to determine the moment
of span/l,000 was introduced for bridges carrying pedestri- at first yielding, considering vertical bending, warping, and
ans. Higher strength steels tend to lead toward greater deflec- lateral bending of the flanges. Only noncompact sections were
tions because less steel is required. Recognition of compos- considered.



The strength of the bottom flange of boxes was based on
classical buckling equations in AASHTO for straight boxes.
It was recognizedthat torsional shear would be important in
the curved box elements; therefore, the bottom flange
strength equations were modified to account for torsional
shear in combination with tension and compression.

lVeb design ofbox and l-girders was based on elastic buck-
ling of straight girders as done in ASD at the time. In fact, the
Guide Spec referenced ASD provisions for web design.

Other requirements, such as safety factors, fatigue design,
live-load deflection, and girder depth-to-span limits, were not
specified, but referenced the AASHTO ASD provisions for
straight girders. No investigation appears to have been made
regarding the applicability of these requirements to curved
girders.

Shortly after introduction of the Guide Spec ASD provi-
sions, American Iron and Steel Institute (AISI) provided an
LFD version that also was based on the CURT work (1ó).
The major change between the LFD and ASD versions was
that the plastic strength of l-girders was recognized when
the flanges were compact. No redistribution of load was
permitted with plastification. Again, the same load combi-
nations and factors as used for straight girders were used.

Unlike LFD for straight girders, webs were not designed
considering tension field action. The maximum transverse
stiffener spacing was equal to D as in AASHTO ASD at
that time.

Later modifications to the ASD of straight girders in-
cluded addition of tension field design for webs. The max-
imum web slenderness for transversely stiffened webs was
increased to 192, and the maximum spacing of transverse
stiffeners was increased to 3D. Also, these slender webs
could be unstiffened when the shear stress was below the
elastic buckling stress with a factor of safety. Inadvertently,
these changes were applied to curved-girder webs because

of the Guide Spec referencing of AASHTO for web design.
This oversight was later corrected in the Guide Spec by
reinstating elastic design and limiting transverse stiffener
spacing to D.

Other significant changes were made in AASHTO straight-
girder design. Fatigue provisions again were made more criti-
cal with the addition of Category E and lower stress ranges in
some categories. The case for "over 2 million cycles" (fatigue
limit) was added for a single vehicle loading. The lateral buck-
ling equation was modified to conform to American Instifute
of Steel Construction (AISC) provisions. The AISC equation
is much more refined in that it recognizes behavior of the entire
section rather than only the compression flange. The equation
also includes an R¿ factor that recognizes load shedding from
the web to the compression flange and a C6 factor that recog-
nizes moment gradient between brace points. The curved-
girder provisions explicitly were based on assuming no load
shedding, constant moment between brace points, and no load
redistribution.

l0l

In the early 1980s, other changes, in addition to those in
the specifications, occurred. Changes in framing had serious
consequences. Typical girder spacing increased from 9 ft to
as much as 15 ft, with the advent of new steel two-part deck
forms that could span widths up to 15 ft with concomitant
increases in deck thickness. These changes resulted in much
larger loads being placed on the noncomposite girder and
less than all of the deck cross section considered effective in
composite action. More skewed bridges were being built to
meet alignment requirements. Refined analysis techniques,
emanating from curved-girder design and higher strength
steels led to lighter steel girders with even higher stresses,
particularly on the noncomposite section. This situation was
recognized, and a constructibility check was added. The
check included only lateral buckling of the top flange of
straight I-girders for the noncomposite case. Web bend-
buckling check of the noncomposite girder was not required,
although the neutral axis of the noncomposite girder in pos-
itive moment regions could have been far below middepth.
The shear capacity of the girder under noncomposite dead
load is limited to the elastic buckling capacity in the
AASHTO Standard Specifications for Highway Bridges,
I5th Edition (41). Some constructibility requirements have
been added to AASHTO in Article 10.50 but are not refer-
enced in the Guide Spec. Some states have developed their
own provisions for noncomposite curved girders prior to the
deck curing (88).

Constructibility problems associated with curved girders
are particularly onerous because no research has been per-
formed on unsymmetrical (singly symmetric) I-girders.
Although the Guide Spec permits consideration of the
strength of compression and tension flanges separately, the
research of curved sections considered only doubly sym-
metric girders with equal first-order compression and tension
stresses.

The effective width limit of 12 times the deck thickness
does not recognize a large portion of deck between widely
spaced girders that refined analysis indicates is effective.
While ignoring this portion of the deck is conservative for
bending stresses, it is not conservative when computing the
first moment of the deck with regard to the shear connectors.
Because fatigue controls most shear connector designs,
problems would not be expected for some time, if ever.

As the girders become more flexible, relative deflections
between adjacent girders tend to increase for both dead and
live load. Considering the girders are actually connected by
the deck and cross frames, forces in components needed for
restoring compatibility between the girders increase. This
is particularly true in curved girders, where equilibrium
requires interaction with adjacent girders through the cross
frames and deck. Assurnptions of uniform loading and equal
live-load deflections certainly are not correct for curved gird-
ers. Uniform distribution of superimposed dead load also is
not appropriate for curved girders and is questionable for
straight girders. Girder depth limits, based on yield stress of
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33 ksi noncomposite girders, may need to be examined

before they are applied to composite curved girders ofhigher
strength steels.

With this background, a review of the current Guide Spec

provisions is presented.

B. Part l: AASHTO Guide Specifications:
Allowable Stress Design Criteria

B.l Cuned Steel, Composite, and Hybrid
I-Girder Bridges

l.l General. The provisions cover design of superstruc-

tures with horizontally curved girders. They refer to the

AASHTO Standard Specifications for Highway Bridges,

Divisions I and II, which apply except where they are overrid-
den by the provisions of the Guide Spec. (Guide Spec articles

are in italic and AASHTO provisions are in bold type.)

1.3 Loøds. Loads are essentially as prescribed in
AASHTO. Specific reference is made to uplift, which is not
permitted during placement of the concrete deck. Impact is
as specified in Article 3.8.2. Centrifugal forces are speciûed

in Article 3.L0. The superstructure need not be designed for
thermal forces; however, thermal movements as specified in
Articles 1.6 and 1.7 arc permitted. This movement is pre-

sumed to occur without resistance.

1.4 Design Theory. This article covers analysis rather

than design of the structure, A rational analysis of the entire

superstructure is required. The analysis must consider the

complete distribution of loads to the various members.

When the subtended angle is less than a specified value
in Table L4A, the effects of curvature on the primary bend-

ing moments in the girders may be ignored. Table 1.44,

which is based on analysis of a number of bridges (89), dif-
ferentiates between number of girders and number of spans

as well as subtended angle. Other effects of curvature,
including nonuniform torsion and cross frame forces, must
be considered in all curved bridges, regardless of the sub-

tended angle.
Consideration of torsion is required. Intermediate cross

frames and diaphragms are assumed to distribute the internal
torsion between individual girders. Nonuniform torsion,
which causes lateral flange bending, must be considered by
a rational method in all curved bridges.

The actual method of consideration of torsion in the analy-

sis is not discussed. There are essentially three categories of
analysis methods that are acceptable:

¡ The strength of materials method in which the girder
cross sections are assumed not to deform and warping
stresses may be considered (grid, two-dimensional finite
element methods);

. Methods that consider the girder cross section to deform
such that the flanges resist the total radial component of
force (V-load method); and

. Methods that consider both warping and radial distortion
(three-dimensional finite element methods).

The first method does not give a lateral flange moment

directly from which a lateral flange bending stress can be

computed. The second method recognizes the radial compo-

nent of nonuniform torsion. If other torsional loads are applied

to the girder, they may not be recognized by the second

method.
Distribution factors based on the atrangement of bottom-

flange bracing members is provided. These factors were

developed empirically, assuming that bottom-fl ange bracing
will be used and that a grid analysis will be performed. These

provisions are stated as applicable to either right or skewed

support bridges with spans between 80 and 300 ft, and with
radius greater than 300 ft. Bridges with up to six girders in
the cross section are included.

1.5 Fatigue. This article requires that lateral flange-
bending stresses due to nonuniform torsion be considered,

in addition to flexural stresses. Special mention is made

of the need to accurately determine stress magnitudes at

connections.

1.6 Expansion and Contraction. Movement due to tem-

perature is to be considered radiating from a fixed support;

therefore, movement permitted by bearings is along rays

from a fixed point rather than along girder lines.

1.7 Bearings. Bearings must be designed to resist hori-
zontal as well as vertical loads and permit lateral movement.

Lateral loads are not specifled, but it is assumed that the

AASHTO provisions apply. Each bearing must also permit
rotation about an axis longitudinal with the girder. If uplift
occurs, the bearing must be designed to resist it.

1.8 Diaphragm, Cross Frames, and Lateral Bracing.
The requirements in Article 10.20 apply. Lines of cross

frames must extend across the bridge in an uninterrupted
line. They shall be as nearly full-depth of the girders as

practical. Where feasible, gusset plates shall connect
flanges and cross frames to transfer lateral load directly. In
practice, most curved bridges have cross frames or
diaphragms that are less than full depth of the girders, and

force must travel from these members through the gussets

and web to the girder flanges. Cross frames need not be used

along skewed piers.

A method for computing cross frame forces is not specified.

Dabrowski states that warping deformation of the girders, as

well as deformation ofthe cross braces, should be considered

in the analysis if cross frame forces a¡e to be computed

conectly (ó).



Bottom flange lateral bracing need not be used. When it is
used, an approximate formula to compute stresses in these
members is provided.

8.2 Curved Steel l-Girders

1.9 General. The normal stress due to bending should be
computed using the moment-of-inertia method. Nonuniform
torsion is to be dealt with by using a rational method of
analysis. Special mention is made of combined uniform
bending and nonuniform bending stresses for fatigue.

l.I0 Allowable Normal Flange S/ress. Only noncom-
pact sections are considered. Flange width-to-thickness is
limited to 4,400f [Fr. Although not stated, the flange tip
stress is limited to first yield. It is limited by the average
flange stress by using the old AASHTO equation for lateral
torsional buckling multiplied by p,, and p¿ The term, p,
reflects the effects of warping stress and curvature and p¿

reflects the vertical bending stress and curvature. There are
two equations for p,,: one applies when there is compression
on the outer flange tip at brace points and the other applies
when there is compression on the inner flange tip at brace
points.

The p terms are a function of l/b¡, l/R, and f,/f6 where /
equals the arc length between flange brace points, R equals
the girder radius,l, equals the largest warping stress of the
two brace points, and/6 equals the largest bending stress of
the two brace points. The average stress is limited at the
brace point having maximum moment.

The flange stress may be a maximum at a flange tip, either
at the brace point or at midspan between brace points. The p

factors deal with both points, although the warping stress
need be computed only at brace points. To accomplish this,
the unbraced section between brace points is assumed to be
subjected to uniform moment and to be prismatic.

The research leading to the p factors was based on the
study of sections that were doubly symmetric. Therefore,
the bimoments and stresses are theoretically equal but
opposite in the two flanges. The total computed flange
tip stress at brace points,/¿ +1", is limited to 0.55Fr. This
limit actually is not necessary for symmetrical sections with
the p equations. The original work does not include this
limit (47).

Although the equations may be applied to singly symmet-
ric sections, there is no theoretical evidence that this is
appropriate. AASHTO requires that the flange width, å¡ be
reduced to O.gbr when the girder is singly symmetric. This
reduction should be used in determining l" but not used in the
computation of p,", p6, andf,.

The unbraced length between torsional brace points may
not be greater than 25 ft, 25 times the compression flange
width, or 0.10 times the girder radius. The absolute value of
theratro,f"./fu, is limited to 0.5. Unfortunately, the provisions
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imply that this ratio remain inviolate at any stress level;
whereas, it was intended only to apply to the fully stressed
condition. The vertical bending stress may not be greater
than that allowed for a straight girder with the same unbraced
length and size of flange.

I.12 Thickness of Web Plate. (A) Girders Not Stiffened
Longitudinally. Slenderness of webs without longitudinal
stiffeners is limited by Equation (B-9) but may not be
greater than 170. There is an additional limitation given in
Article 1,0.34.3.1.2, based on the minimum specified yield
stress in the compression flange. Equation (B-9) was devel-
oped by Daniels et al. (15) on the basis of fatigue tests and
an extension of Culver's earlier analytical work (ó0):

(B-e)

Culver originally had proposed the following equation (8):

*=#1.'-*(*)l

i,=# when ft.o.oz

, \2-l

H I G-ro)

(B-11)

Figure B- 13 is a plot comparing the curvature factors of the
two equations versus stiffener spacing, d".The factor, or the
quantity inside the square bracket of Equation (B-10), is
limited to 1,0 by Culver. The first part of the equations,
23,000f ",lfb, is the same as used for straight girders. The
constant is based on web bend-buckling limits of a doubly
symmetric girder.

Equation (B-10) was developed by Culver et al. using an

arched-plate analytical model to study through-thickness
stresses (90). He computed through-thickness stresses in a
straight-girder web, assuming a maximum AWS (91) oufof-
flatness. The curved webs have a slenderness that gives the
same through-thickness bending stress. The aspect ratio was

limited in the study to 1.0, which was the AASHTO aspect

ratio limit at the time this work was performed. Only doubly
symmetric girders with the web area equal to the total flange
area were investigated. The through-thickness stress was
found to be approximately 0.2Fr* for a straight-girder web.
Web slenderness limits for straight girders were reported to
be based, in part, on experimental results from earlier fatigue
tests at Lehigh University (15).

The AASHTO provisions permit elimination of trans-
verse stiffeners, if the shear stress is within allowable lim-
its for straight girders. Culver et al. did not analyze unstiff-
ened webs or perform any tests of slender unstiffened webs.
The maximum aspect ratio Culver tested was I.61 (56-58).
Daniels tested full-size curved girders with aspect ratios up
to 2.27 (10).
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(B) Girders Stiffened Longitudinally. Webs with longitu-
dinal stiffeners have slenderness limited by the following
equation:

tion. This two-phase loading causes two potentially critical
cases, On long spans where the dead load is large, the non-
composite girder may have more than half of the web in
compression in positive moment regions. This situation may
cause excessive bowing of the web, as has been reported in
straight girders. There is no check required for the noncom-
posite loading case. When the girder becomes composite,
the neutral axis shifts upward and another case must be

checked.

l.l3 Transverse Intermediate Stffiners. Stiffener spac-

ing is specified to permit the elastic-buckling capacity of the
web to carry all shear. Transverse stiffeners are not required
when the shear stress is less than that given by Equation
(B-13) in Article 10.34.4.1:

(B-12)

Equation (B-12) was developed by Culver et al. (60) by
using an analytical model similar to that used for webs with
transverse stiffeners only. However, the model for longi-
tudinally stiffened webs considered bending in both direc-
tions rather than only in a strip of web, as used for the
transversely stiffened web. The longitudinally stiffened
web investigation is presented in an addendum to Culver
et al. (60). Again, the investigation was limited to doubly
symmetric girders.

A single longitudinal stiffener should be placed at a dis-
tance D/5 from the compression flange. The web slenderness
may not exceed Dl34O. Transverse stiffeners may not be

spaced greater fhan D.
Iftwo longitudinal stiffeners are used, the slenderness can

be set at the maximum given in Article 10.34.3.2.2, with the
design stress equal to the allowable normal flange stress. The
function of the second longitudinal stiffener is to control
through-thickness bending stresses in the tension side ofthe
web; its use is unrelated to web bend-buckling. The second

longitudinal stiffener should be located at Dl5 from the
tension flange.

In most cases, the girders are composite with loads placed
both on the noncomposite section and on the composite sec-

Equation (B-13) gives the allowable shear stress with a fac-
tor of safety of 1.8 against elastic shear buckling for a flat
plate loaded in pure shear, assuming simply supported
edges at the flanges. When the curved-girder provisions
were written, a similar equation gave 30 percent lower crit-
ical shear stress. The researchers believe that the older
equation had been modified to account for the occunence
of coincident bending, because the provisions often are

applied in negative bending regions where both bending
and shear stresses are large. No evidence has been found

, -7.33x101 .Fy
(o/t,,)' - 3

(B-13)
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that this situation was addressed in the development of the
Guide Spec.

Culver's research of the bending stress in transverse stiff-
eners indicates that additional bending stresses in them
because of the curvature of the web are small. However,
rigidity of the stiffeners is increased compared to that speci-
fied for straight girders, when the transverse stiffener spac-
ing is greater than 0.78 times the web depth (92). The
required increase in rigidity of the stiffeners is implemented
by including the curvature correction factor, X, to J in Eq.
(10-30) in Article 10.34.4.7, The equation in the Guide Spec
has a denominator equal to 10.92, which is effectively 10.0
in Eq. (10-30). Thus, the required moment of inertia for the
transverse stiffeners in the Guide Spec is approximately
10 percent less than in AASHTO.

Hanshin (38) adopts a similar approach in stipulating the
required increase in the rigidity of the stiffeners compared
to those for straight girders. For double-sided stiffeners, the
following equations are used:

y. t T" {1.0 + (a - 0.69)zlo.zsa - l .øl - (1.49 a - t.i B)z]},

(0.69 < a I1.0) (B-14)

y. )T,, @<0.69) (B-1s)

For single-sided stiffeners, the following equations are used:

y" 2 y, {t.o + 1 a - 0.6s)zlrz.61a -t0.42- (r.99a-2.a9)zl},

(0.6s < a S 1.0) (8-16)

% > %, (a < 0.65) (B-17)

where

% = required rigidity ratio of stiffeners in curved girders;

% = required rigidity ratio of stiffeners in straight girders;
a = aspect ratio of web panels, d"lD;
Z= ¿!tnt*Jt-Ú;and
F = Poisson's ratio.

According to the Japan Road Association's Specffications

for Highway Bridges (39), the web slenderness can be
increased up to 20 percant in proportion to the square root of
the ratio of the critical bending stress/computed bending
stress for straight girders.

1.14 Longitudinal Stffiners. Although Culver discusses
longitudinal stiffeners on curved-girder webs (8), there was
no consideration of these slender webs in conjunction with
development of the p factors. The use of the p factors with
longitudinally stiffened girders is perplexing.

The moment of inertia requirement for longitudinal stiff-
eners is the same as for straight girders. There is an additional
requirement, however, placed on the radius of gyration of the
longitudinal stiffener that is a function of the yield stress of
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the web and the transverse stiffener spacing. A portion ofthe
web equal to 18 times its thickness should be used with the
longitudinal stiffener in determining its radius of gyration,
although a like amount of web is not used to determine the
moment of inertia of the longitudinal stiffener according to
AASHTO. The logic for the radius of gyration provisions, in
addition to the moment of inertia, in the Guide Spec is not
apparent.

8.3 Curued Composite l-Girders

I .I 5 General. This paragraph directs that the composite
requirements of Article 10.38.1 apply.

1.16 Effective Flange Width. The effective deck width
used in straight girders applies to computations of bending
and twisting moments and deformations. This effective
width is generally 12 times the minimum slab thickness,
according to Article 10.38.3.

1.17 Noncomposite Dead-Load Stresses. The vertical
and torsional bending stresses are not to exceed the provi-
sions of Article 1.14 which limit allowable normal flange
stresses to first yield. The commentary recommends check-
ing the girder for noncomposite loads including the deck
casting sequence.

1.18 Composite Section Stresses. Lateral bending stress
in the top flange, due to loads applied after the concrete has
cured, may be ignored. Although somewhat ambiguous, the
total stress due to vertical bending in the encased flange must
be less than 0.55.{¡.

Flanges not encased in concrete are designed partially
braced with warping, due to all loads, considered. Culver dis-
cusses composite action of curved girders (8), but there is
no indication that the application of the p values to these
members was considered in the research.

Design for shear is the same as for noncomposite girders
with all shear resisted by the web.

l.19 Shear Connectors. (A) Fatigue. Article 10.38.5.1.1
should be used to design shear connectors for fatigue. There is
no requirement to consider torsion. The commentary demon-
strates that, for practical designs, only the verlical shear should
be considered for fatigue.

(B) Ultimate Strength. Shear connectors should be
designed according to Article 10.38.2, except the required
capacity of the shear connectors shall be determined
according to Article 1.19. The noncollinearity due to cur-
vature must be considered when determining the ultimate
strength requirements of the shear connectors. This is
done by vectorially adding the bending shear and radial
force due to the noncollinear component computed from the
angle between points of maximum moment and zero
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moment-either the end of the bridge or point of dead-load

contraflexure.

8.4 Curved Hybrid Girders

1.20 General. The hybrid girder concept was developed

when there was a larger difference in price between grades

of bridge steels than exists today. The price differential
between ASTM 436 and A572 Gr50 is only about 3 cents

per pound, which does not justify hybrid design.

Girder sections must have a vertical axis of symmetry
through the web. Other requirements are given in Article
10.40.1. The provisions of Article 1.10 limit the elastic

stresses in the flange to 0.55Iry. This article permits yielding
of the flanges and a portion of web when the girders are

hybrid. An investigation of curved hybrid girders was per-

formed by Culver (8). This work was based on the design of
hybrid girders for first yield, which is similar to that for
straight girders except that lateral flange bending is consid-

ered. If the lateral flange bending is large enough, such that

the flange tip reaches yield prior to the lower strength web

reaching yield, then hybrid has no effect.

8.5 Curved Composíte Box Girders

L24 General. Reference is made to the straight box-
girder provisions in Article I0.39.2 and Articles 1.1 through
L7 for curved l-girder bridges.

1.25 Loads. Loads as defined in Section 3 are to be used

except where modified.
(B) Impact. This section recently was modified based on

work by Schelling et al. (8ó). Separate functions for impact
are provided for the following actions: primary bending
moment, torsion, shear, reactions, and deflections. Within
each category, impact factors are further refined by span and

radius. The article requires a dynamic analysis for structures

outside the limits defined that includes spans greater than

200 ft, and radii less than 160 ft or greater than 800 ft. There

must be from two to four boxes; the vehicle speed must be

less than 70 mph; the number of continuous spans must

be less than four; and the vehicle weight must be less than

0.30 times the bridge weight.

1.26 Design Theory. (A) General. This article is the same

as Article 1.1. A rational analysis of the entire superstructure
is required.

(B) Dead-Load Analysis and Design. The box must be

checked for noncomposite loads prior to curing of the deck

concrete.
(C) Torsion. Diaphragms are required between individual

box girders, unless analysis indicates such members are not

required.

(D) Warping Stresses. Warping normal stresses are of
particular concern for fatigue but can be ignored in strength

considerations if analysis shows them to be small. The com-
mentary to this article also discusses transverse bending
stresses in the webs with regard to fatigue. Several methods

of analysis are mentioned.

1.27 Design o.f Web Plates. (A) Design Shear. The web
must resist both vertical and torsional shear. Shear in
inclined webs must be adjusted for the slope. The shear

in the webs differs by the torsional component. However,

transverse stiffeners are usually designed for only the

critical web.
Unstiffened webs are permitted if the web shear stress is

less than that determined in Article 10.34.4.1. However, no

research on unstiffened curved box webs was found.
(B) Secondary Bending Stresses. Through-thickness bend-

ing stresses in the webs are to be limited to 20 ksi. If these

stresses are due to live load, the web plates should be welded

to the flanges with either full-penetration or double-sided

fillet welds.

1.28 Design of Bottom Flange Plates. (A) Tension

Flanges. The tensile stress is limited by the von Mises yield
criterion, which reduces to the normal design stress of 0.55F,

when the shear stress is zero. The mathematical model used

to develop the equations assumes a constant bending stress

and a constant shear stress in the flange. The plate is assumed

to be either completely elastic or completely plastic.
(B) Compression Flanges Unstiffened. There are three

regions of plate slendernessJhe plastic region includes flange

plateswith bh< 6,1401",[Fyr X, where X=l+1413(fqF-r
- 0.15)1 2 1. The allowable stress is based on the von Mises

yield criterion. The term, X, is a factor that permits an increase

in the slenderness prior to incipient buckling strength due to

the relative shear stress and yield stress. The allowable stress

is Fr¡ times A, where A reduces the allowable normal stress

based on the von Mises yield criterion, considering the

torsional shear stress.

The inelastic region includes plates with b/t < 13,300/{Fyr.
In the inelastic region, the permissible bending stress is based

on an assumed sinusoidal variation of stress between plastic

and elastic values. Again, this variation differs from that for
straight box-girder flanges because torsional shear stress is

considered.
The elastic region for unstiffened flanges is defined as that

with slenderness, b/t, greater than 13,3001",[Ç¡. The allow-
able stress for these flanges is simply the elastic buckling
stress with a buckling coefficient of 4.0 divided by the factor

of safety. Again, the value is reduced according to the von

Mises yield criterion. Flange slenderness greater than 60

should be avoided, and a longitudinal stiffener is recom-

mended for b/t > 45.



There is no discussion concerning coincident torsional

shear and bending stresses. It is implied that torsional stress

is coincident with normal stress. The engineer can define

the normal stress as either the average normal flange stress

or the normal bending stress plus normal warping stress'

Frequently, the maximum torsion is not produced by the

same live-load condition as the one that produces the max-

imum bending stress.

(C) Compression Flanges Stiffened Longitudinally. Lon-

gitudinally stiffened flanges are treated similarly to unstiff-
ened flanges, except that the buckling coefficient, k, may be

between 2 and 4. A value of 4 for k assumes a buckling nodal

line at each longitudinal stiffener and web. It yields the

highest plate buckling stress for a given number of equally

spaced longitudinal stiffeners and it requires the most rigid
longitudinal stiffener.

(D) Compression Flange Stiffeners, General. Reference is

made to the straight-girder provisions, Article 10.39.4.5.

1.29 Cross Frames, Diaphragms, and Lateral Bracing.

(A) General. Cross frames and diaphragms help retain the

shape ofthe box section when subjected to torsion. Connec-

tion of gusset plates to the flanges should be made to reduce

through-thickness bending in the web. Gusset plates are to be

coped where they intersect longitudinal welds.

(B) Top Lateral Bracing. Approximate equations are given

for required bracing area and stiffness.
(C) Intermediate Cross Frames. Spacing of interior cross

frames is based on radius and span but limited to 25 ft.
(D) Torsional Stress. An approximate equation is pro-

vided to determine when torsional stresses may be ignored.

When the factor, Y = L ^lGK;lEI;, is greater than 0.4,

stresses due to pure torsion may be ignored. When Y is
greater than 10.0, warping torsion may be ignored' Warp-

ing stresses should be evaluated in essentially all multibox-
girder bridges.

C. PART ll: AASHTO Guide Specifications:
Load Factor Design Criteria

C.l Composite and Hybrid I-Girder Bridges

2.1 General. This section applies to rolled and welded

I-girders. The LFD provisions of AASHTO, as well as Divi-
sion II, apply. The term "moderate length" is used to limit
applicability of the provisions. It is the researchers' opinion

that "moderate length" does not apply to 500-ft spans as spec-

ified in AASHTO. However, there is no evidence that the

term has been defined based on investigations of experience

or analytical work.
The scope of the LFD provisions is the same as for the

ASD provisions. Again, there are copious references to

AASHTO.
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2.2 NotaTion A rather complete set of notation is pre-

sented, including some references to ice and earthquake,

although these loads are not def,ned in the Guide Spec.

2.3 Loøds. Loads are to be taken from Article 10.43 and

Article 2.4 inthe Guide Spec.

(A) Uplift. Uplift is to be checked for live load with no

reduction for multiple presence. Uplift during construction

also is to be avoided.
(B) Impact. Reference is made to Article 3.8.

(C) Superelevation and Centrifugal Forces. The distribu-

tion of live load to the wheels is to be determined according

to Article 3.L0, which considers curvature, superelevation,

and vehicle speed.

(D) Thermal Forces. No allowance for thermal forces in
the superstructure needs to be considered when thermal

movements are allowed to occur. If movement is restrained,

resulting forces need to be addressed.

2.4 Load Combinations and Load Factors. (A) Con-

struction Loads. Stresses due to partial dead load and tempo-

rary construction vehicles should be factored by 1.3 and

compared to the maximum design stresses permitted. Checks

for stability or deflection are not required. Elastic analysis is

required; however, there is no stipulation whether to use the

first yield criterion or the plastic criterion.
(B) Service Loads. Unfactored dead and live load plus

impact and centrifugal forces should be included when

checking for fatigue and live-load deflection' No liveload
deflection limits are provided.

(C) Overload. The overload condition differs from
AASHTO in that centrifugal forces are included explicitly in
Group IA. Group II and Group III load combinations are

analogous to those in AASHTO.
(D) Maximum Design Loads. Elastic analysis is specified

again in this section, Group I loading is: Dl + 5l3LL7, where

tl¡is live load due to the heaviest expected legal vehicle, plus

impact and centrifugal force. Group Iloads are essentially the

same as AASHTO LFD loads. A load condition for uplift,
O.90DL + 5l3LLr live load positioned to cause maximum

uplift, is required.

2.5 Design Theory. (A) General. A rational analysis that

considers complete load distribution to all members is man-

datory. This article is similar to A rticle I .4 Design Theory for
ASD, except that paragraph, (F) Overload, was added.

2.6 Fatigue. Similar to ASD.

2.7 Expansion and Contraction. Simllar to ASD.

2.8 Bearings. Similar to ASD.

2.9 Diaphragms, Cross Frames, and Laterql Bracing.

Similar to ASD.
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C.2 Curved Steel l-Girders

2.10 General. Same as ASD.

2.11 Straight Elements, Splices, and Connectio¡¿s. This
article requires that straight elements and other elements not
affected by curvature, such as cross frames and bolted con-
nections, be designed by using Articles 10.48 through 10.56.
A check must be made for straight tension members, limit-
ing the factored load to 0.85 times the ultimate tensile
strength of the member.

2.12 Noncomposite Girder Design. (A) Limits of Appli-
cability. These limits are similar to those for ASD. However,
the first limit requires that the ratio, f" lf6, not exceed 0.5 at
any point. The analogous requirement under ASD requires
that this check be made only at brace points. The ASD
requirement is consistent with the research, whereas this
requirement seems to be inconsistent with the research.

By not limiting points to be investigated to points of max-
imum moment, locations with small bending stress must
meet the required ratio. Near points of dead-load contraflex-
ure, almost no warping stress is allowed if this provisìon is
applied literally. This literal interpretation was not intended
from the research.

(B) Maximum Normal Flange Stress. Equations defining
strength ofl-sections have separate factors for "Compact Sec-
tions" and "Noncompact Sections." The critical average com-
pression sffess for sections with compact flanges is defined for
full plastification of the section, considering lateral and verti-
cal bending. Different modifier factors are applied to Equa-
tion (B-7) by using þ¿ and þ,", where l. is defined in Equation
(B-7). These factors were developed assuming essentially the
same parametric limitations described for the first yield
criterion in ASD (47).

Flange slenderness for compact sections is limited to
3,200/"[F)r as in AASHTO (ASD) for straight girders.
There is a footnote in the Guide Spec which, as recom-
mended in the research (8), exempts the webs of these sec-
tions from compactness requirements This recommendation
is based on tests of curved-girder webs having transverse
stiffeners spaced at approximately the web depth and slen-
derness up to 150. Radii of the test girders were rather small,
causing larger lateral-flange moments.

The original research was performed on doubly symmet-
ric sections, so section properties for tension and compres-
sion flanges were the same. Results of the research were
presented in terms of moment on the section, not critical
stress (47). It is not apparent how a critical compression
flange stress based on plastification of a singly symmetric sec-
tion can be determined without consideration of the plastic
properties of the section.

The Guide Spec limits the plastic critical stress of the
girder to the yield moment by limiting the product. Þ¿ x Þ,,
to 1.0. The product can be as large as f.i3 when lateral bend-

ing stress is zero. The sum,$ +fi, is not limited to 4,/ for
compact sections.

The noncompact provisions are essentially the same as Part
I, ASD, except critical stresses are used in place of the factor
of safety. However, the sum,f" +$, must be less than Fr,¡.

Compact section tension flange. The average normal ten-
sion stress is limited to F,¡. McManus (47) suggested the
tension flange be limited to p, p, times the value from the
lateral buckling equation as for the compression flange,
because only doubly symmetric sections were studied. The
current specification is at odds with this requirement. There
is no provision for computing different ps for the tension
flange when the section is singly symmetric. By limiting the
average normal tension stress to Fr¡there may be no capac-
ity remaining for the tension flange to resist lateral flange
bending.

Noncompact section tension flange. This section is similar
to the equivalent section in the ASD provisions, except that
the sum of the factored bending and lateral stress is limited
to Fr¡ instead of 0.55{,y.

(C) Web Design. These provisions are similar to ASD,
except that web shear strength is used rather than shear stress.
Unstiffened webs, transversely stiffened webs, and trans-
versely and longitudinally stiffened webs iire permitted.
Interestingly, the allowable web slenderness for transversely
stiffened webs is taken from Culver's work (ó0), while the
equivalent requirement in ASD was taken from Daniels'
work (15).

The moment of inertia of transverse stiffeners is approxi-
mately 9 percent greater than that required by the ASD
provisions, because the constant, 10.92, is not included in
the denominator as is the case in Article 1.13. A second
longitudinal stiffener is permitted.

Design of longitudinal web stiffeners is based on the
AASHTO provisions that are referenced. Girder web depth,
D, is assumed fobe2D" when more than half of the web is in
compression.

C.3 Curved Composite l-Girders

2.13 General. ASD Articles 10.38.1, 10.38.4, and 10.38.5
are referenced for composite girders, not the LFD provisions.

2,14 Effective Flange Width. The effective width rules in
Article L0.38.3 are referenced. However, no instruction is
provided regarding computation of warping and torsional
constants for composite sections.

2.15 Noncomposite Dectd-Load Stresses. The compres-
sion flange should be checked prior to the deck curing. When
brltris limited to 4,400/"{Lffiu, the flange tip stress,f., =
fu+f*, is limited to 4/. For the compact flange condition, no
check of tip stresses is required. Thus, the compact case
permits flange yielding during construction.



2. 16 Composite Section Stresses. Factored vertical bend-

ing stress in the top flange must be less than the flange yield
stress. The bottom flange tip stress, fr, + f6, is limited to the

flange yield stress if the flange is noncompact.

2.17 Shear Connectors. The provisions of Article
10.38.5 govern.

(A) Fatigue. The provisions of Article 10.38.5.1.1 govern.

(B) Ultimate Strength. Similar to ASD.

C.4 Curved Hybrid Girders

2. I I General. Hybrid sections must be I-girders. The con-

cept used in the development of these provisions is based on

work for hybrid straight girders. The concept requires that a
portion of the web may yield and be considered at yield when

computing the resisting moment. Strain hardening is ignored'
The plastic moment in a curved hybrid I-girder is consid-

ered. A separate factor was developed for this case (1ó).

Again, these provisions apply to singly symmetric curved
girders, although the p factors were not developed for such

girders.
A composite girder in the positive moment region prior to

deck curing may not be considered hybrid. If it is hybrid, the

web may not reach yield prior to curing of the deck. After the

deck has cured, the bottom flange and web may be treated

as hybrid, assuming full composite action. The addition of
noncomposite and composite stresses is assumed to be appro-

priate. However, these stresses can be added only if super-

position applies, which is the case when the noncomposite

stresses do not produce yielding.

2.19 Maximum Normal Flange ,S/r¿ss. There are provi-
sions for hybrid noncomposite and composite girders, which

may be either compact or noncompact. There is no discussion

regarding addition of noncomposite and composite stresses.

2.20 Plate Thickness Requirements. In determining

required web thicknes s, f6, of the compression flange used

in Article 2.12 is to be used. Actually, F, notf6, is used in
Article 2.12 to determine web thickness.

2.21 Overload. The flange tip stress is not limited in
hybrid girders, as it is in homogeneous girders inArticle 2.5.

C.5 Curved Composite Box-Gírder Bridges

These provisions are essentially the same as those for the

ASD box girder, except that the allowable stress, 0.55{, has

been replaced with F' so that critical stresses, rather than

allowable stresses, can be used. If the top of a box is designed

with individual flanges on each web, these flanges may be

designed as either compact or noncompact.
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D. Hanshin Guidelines

The Hanshin Guidelines for the Design of Horizontally
Curved Bridges (draft) (-18) refers to the Japanese Road

Association's Specifications for Highway Bridges (39) for
many basic requirements, but contains additional provi-
sions reflecting curvature for many elements. The Hanshin
provisions are based on working stress design as are the

Japanese straight-girder design provisions. However, ulti-
mate strength is frequently used to define member capacity
rather than first yield or elastic buckling, as done normally
in ASD.

The provisions do not distinguish between specification
language and commentary. They instruct when either box or

I-sections should be selected. Box girders are divided into
three major cross-section types: single-cell mono-box with
two webs, multicell mono-box with more than two webs,

and multiple single-cell box. Aesthetics is discussed but not

specified.
Framing is discussed with regard to economics. The use of

straight interior girders with curved exterior girders is rec-

ommended. The use of top- and bottom-flange lateral brac-

ing in certain bays is recommended for curved l-girder
bridges with spans above approximately 80 ft. The need to

keep the lateral bracing in or near the plane of the flanges is

discussed. When this is not possible, the provisions require

that transfer of the forces from the bracing to the flanges

should be considered.
Effective deck width is discussed. Generally, more effec-

tive deck is used in Japanese composite bridges than is
provided for in the AASHTO provisions (9,41).

Analysis is discussed in some length, but specific tech-

niques are not designated. Four stress components are

defined in a curved girder: vertical bending due to vertical
loads applied to the girder, vertical bending due to curva-

ture, warping torsion due to twisting, and vertical bending
due to relative deflection of the girders. Extensive discus-
sion is presented regarding analysis for each component.
For example, a simple beam model is permitted for a mono-
box. If overhangs are significant, a grillage method is sug-

gested with "virtual" girders to receive the loads on the

overhangs.
Strength provisions for the components are derived from

inelastic finite element analyses and curve fitting. For exam-

ple, this technique was used to develop the provisions for
web longitudinal stiffener rigidity.

An extended discussion of thermal movement is pre-

sented. The provisions require bearings to be oriented
considering restraint and friction forces. The provisions dif-
ferentiate between sharp curvature and shallow curvature.

Sharp curves may require that bearings be oriented to pemit
transverse thermal movement.

Expansion joints should be designed to be consistent

with movement permitted by the bearíngs. If a finger joint is
used, the fingers may be lined up with the girder rather than
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perpendicular to a joint. If the bearings permitted the bridge
to expand transversely, then the f,ngers would be oriented
perpendicular to the skewed joint.

Following the provisions, several design examples are
presented.

IV. CURVED-GIRDER FABRICATION
AND CONSTRUCTION

A. lntroduction

The Guide Spec has been used to design hundreds ofhor-
izontally curved I- and box-girder bridges. Performance of
the bridges, when completed, has been outstanding. How-
ever, there have been too many problems during their con-
struction when compared to straight-girder bridges. The
historical costs of curved-girder bridges appear to vary more
than do the historical costs of their straight counterparts.

The cost to fabricate curved girders is expected to be
somewhat greater than fabrication costs of straight girders
of similar size. The increase is related to curving the gird-
ers and to handling them, both during fabrication and
shipping. Erection of curved girders creates its own sepa-
rate set of problems. Often additional falsework is needed
when compared with what is required for straight girders of
like span.

The use of curved girders, however, is generally econom-
ically advantageous for curved alignments and certainly their
use contributes in an aesthetic way, The alternative to curved
girders for curved alignments is the use of kinked straight
girders or short simple spans with many joints. Curved gird-
ers are generally preferable to kinked girders because kinked
girders generate rather large concentrated torque in the gird-
ers near the kinks and rather large cross frame forces in the
same region. The axial force in the flanges changes direction
at the point of noncollinearity, resulting in large lateral flange
bending moments that are not dealt with in AASHTO. Some
state agencies, such as PennDOT (88), require that the asso-
ciated torsion and cross frame forces be treated in design.
Kinked girders with curved roadway alignment cause a vari-
able overhang distance that is expensive to construct and not
attractive.

Similarly, the use of compound curved girders to ac-
commodate a spiral roadway alignment is not economical.
Compound curves cause a variable deck overhang distance
that is expensive to form and compound curved girders are as

difficult to build as spiral girders.
It is impractical to suggest the most efficient and econom-

ical steel sections that will be applicable to all states. Some
states, including New York (93), Pennsylvania (88), and Cal-
ifornia (94), have developed their own specifications and
manuals geÍnane to local conditions. A suruey of curved-
girder bridges built in the United States in recent years is being
made. This survey will be informative with regard to fabrica-

tion practice, as well as a source of knowledge regarding
design parameters.

B. l-Girder Fabrication

There are three ways that horizontally curved I-girders
may be produced: Girders may be fabricated as straight, and
when fabrication is complete, curved to the desired radius;
alternatively, flanges may be cut-curved to the required
radius and the girder fabricated. Cold-curving is not a widely
used method. It is rather a special method used for girders
with small curvature by using proprietary roller-assembly
devices.

Curving of the fabricated straight girder may be accom-
plished by either cold bending or by heat-curving. If the
flanges are cut-curved, fabrication proceeds on the curved
girder, which entails additional handling problems when the
girder must be lifted. Final heat-straightening of cut-curved
girders is usually required. However, the final heat-curving
is much less time consuming than curving a straight girder.
If the radius is large, fabrication of the straight girder and
heat-curving is preferable. The break-even point on radius
varies between fabricators.

Heat-curving may be performed while the girders are in
either a vertical or horizontal position. Heat-curving is often
prefened by fabricators because fabrication and handling of
straight girders during fabrication is easier and straight flange
plates can be cut from mill plate with less scrap than when
flanges are cut-curved. There are disadvantages to heat-
curving. The amount of curving possible is limited by the
radius and flange width, As curvature increases, the time to
perform the curving increases, To this day, heat-curving of
girders remains an art despite a series of contributions by
B rockenbrou eh (9 5 -9 9).

Heat-curving may be performed by continuous heating of
a flange tip, or by vee-heating toward the web at increments,
along the girder. In either case, the heated side lengthens,
causing the girder to become convex on the heated side. The
yield stress of the heated portion is temporarily reduced. As
the girder cools, its curvature reverses. The heated portion of
the flange yields and the material is upset (i.e., the heated
portion becomes thicker and the girder flange is left with a
residual curve that is concave with respect to the heated side).

Heat-curving the top side of the flanges with the girder
web in the horizontal position permits gravity to add to the
bending due to heating. Gravity resists the reverse bending
while cooling. Calculations are needed to ensure that girders
do not yield during the heating procedure (97).

If the girder web is in the vertical position during heating,
vertical bending effects due to the span between support
points must be considered. Access to the top girder flange
may be difficult if the girder is tall.

Heat-curving of heat-treated steels is not permitted
because the material's mechanical properties may be altered.



B.l Flange Plates

Most steel producing mills ship plates with a minimum
width of 48 in. If the sum of the flange widths of a given
thickness and grade is not at least 48 in., then the fabricator
still must purchase a 48-in.-wide plate, thus generating

unwanted scrap. If the flanges are to be cut-curved, different
flange thicknesses or grades cause an even greater amount of
scrap. Multiple flanges with equal thickness, grade, and
length of interior plates permit the cut-curved flanges to be
nested on a single plate with the crescent-shaped scrap losses

occurring only once for each plate.
Many fabricators prefer a wide plate from which the

flanges can be stripped after flange butt welding has been
performed. This process is referred to as "slab welding."
Economy is gained by requiring only one setup for the group
of similar flange butt welds, rather than a setup for each

flange. The design must use plates of the same width and
length on each girder for the slab welding process to be

applicable. Field sections at pier usually require two butt-
welded splices in each flange; thus, the pier-flange plate is
between two other flange plates. If the length of pier plate
must vary between girders, slab welding cannot be used. It is
common to locate splices of curved girders along a radial
line, which causes the pier flange plates on the outside ofthe
curve to be longer than the others. Alternatively, using the
longest pier plate for all girders may permit efficient slab
welding to be used.

Rolled shapes, according to AASHTO, may be cold bent
if the curvature is not severe and the fabricator has proper
equipment. However, some states may not permit cold-curving.

Cut-curving has become more popular with the advent of
numerically controlled burning equipment. It is applicable to
both box and I-girders. Estimation of fabrication time is
improved with cut-curving, thus scheduling through the shop
is more efficient. Analysis of curved-girder bridges often
reveals significantly different moments for the girders within
a cross section. Judicious selection of a flange thickness may
permit a variation of girder capacities by changing flange
width rather than thickness. Another option, although less

economical, is to use the critical flange size in all girders.
Choices in this regard are one reason for the highly variable
cost of curved-girder bridges.

Usually curved girders can be welded with most girder
machines where the machine is used to position the pieces
and make flange-to-web welds. However, heat-curving is
preferred in those shops where a straight girder is desirable
with their machines.

8.2 Cross Frames

Cross frames on skewed and curved-girder bridges are

main members and are designed for computed forces. They
act to resist nonuniform torsion by transferring vertical and
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horizontal forces between girders and as lateral supports to
the flanges. This action leads to lateral flange stress, which is
a function of cross frame spacing, girder depth, and girder
radius. As a result, curved girders often have cross frames
more closely spaced and heavier than those used on right-
straighrgirder bridges. Their attachment to the girders of
these bridges may require more than nominal size connec-
tions. Sometimes bolted connections are used for better
fatigue performance. Cross frames of curved-girder bridges
contribute a gfeater portion of the total fabrication cost than
cross frame for right-straight-girder bridges.

C. Box-Girder Fabrication

Most box girders built in the United States and Canada are

actually tub girders, having an open top that is braced with
diagonal members. The tub girder is composed of two web
plates, a single bottom flange plate, two top flange plates,
internal cross bracing, and top flange bracing.

The top flange lateral bracing causes the girder to act as a

closed section prior to the deck curing. It is attached directly
to the top flanges or to the web stiffeners for gusset plates. In
either case, the bracing with the top flanges acts as a truss.

When the bracing is attached to a web, the stiffeners must be

attached to the top flanges to transfer force from the bracing
to the top flanges. Usually these connections are made by
welding web stiffener ends to the inside of the flange. At
times, a bolted connection is used.

Intermediate internal bracing along the box is often "K"
shaped with the apex of the K at the top of the box to permit
easier passage. These intermediate bracing members act to
retain the shape ofthe box when it is subjected to torsion and

to receive force from any external framing when it is used.

The bracing members are either welded or bolted to trans-
verse stiffeners that are, in turn, connected to the webs and

flanges.
Internal diaphragms are used at bearings. The diaphragms

are usually stiffened and have access holes for ease ofpassage
during fabrication and inspection. The bearings are usually
directly under the diaphragms and inboard of the webs. The
details used on these diaphragms vary greatly, some being
quite expensive. Standard design details do not seem to exist
for these components. Burning out web plates to the conect
camber that are both curved and inclined is mathematically
challenging. Most competitive fabricators, however, have
numerically controlled burning equipment that can produce
box-web plates with little problem. The top flanges may
be either cut-curved or heat-curved prior to attachment to the

webs. Bottom flanges are always cut-curved.
It is possible to haunch inclined-web-box girders. In this

case, the web should be from a developable surface, meaning
that the final web shape should be able to be made by curving
a flat plate about only one axis. This can be accomplished by
holding the distance between the top flanges constant and
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varying the bottom flange width in the haunched regions.
The Trenton Bridge, near Toronto, Ontario, is an excellent
example of a steel haunched box-girder bridge.

Top flanges may be attached to the webs by using girder
machines that position and orient the web and flange for
welding. Alternatively, the fabrication can be done by posi-
tioning and clamping with less elaborate equipment. The
curved top-flange-to-web fabrications are then welded to the
bottom flange. If a girder machine is used for this process,

the webs and bottom flanges are held in position with the
machine. If a machine is not used, stiffeners are welded to
the webs. The components are held in position with internal
cross frames.

D. Fit-Up

Fabricators often are required to ût-up curved-girder
bridges in the shop, prior to shipment, to ensure that girder
splice bolt holes match and bolt holes in cross frames match
holes in the gusset plates. Shop fit-up requires that much of
the fabrication be completed prior to shipping.

Girder splices can be reamed without setting the girders in
relative lateral position. The girder webs are often in the hor-
izontal position during splice fit-up. Splice bolt holes can be

drilled, or subpunched and reamed as with straight girders. In
any case, fit-up is usually done in the near-zero-stress condi-
tion. A tacit assumption is that the girders and cross frames fit
together under a near-zero-stress condition that corresponds
to assumptions made for the design analysis.

Sometimes fabricators are not required to fit-up cross

frames. Instead, oversized holes are permitted in one or both
pieces ofthe cross frame connections. One advantage ofnot
requiring shop fit-up of cross frames is that girders can be
shipped as their fabrication is completed. Each girder splice
can be fit-up with only the subsequent girder section avail-
able. The disadvantage of this method is that the oversized
holes permit distortion of the bridge not considered in the
analysis. Erection often becomes complicated as a result.

E. Erection

E.l I-Girders

One of the advantages of a steel bridge is its ease of erec-

tion. For many girder spans, falsework is not required. How-
ever, curved girders often require falsework that would
not be required for straight girders of the same span. Thus,
curved-girder erection may be more expensive when com-
pared with straight-girder erection and the need for falsework
tends to reduce the advantage steel has with regard to erection.

To further complicate erection of curved-girder bridges, it
is difficult to predict when falsework is required without
rather sophisticated engineering, Many experienced erectors
tend to err on the conservative side and use falsework.

Erectors use one of three means of stabilizing curved gird-
ers during erection. When the girder is rather straight, the ends

of a simple-span girder are sometimes tied ofi creating tor-
sional restraint. If the girder has sufficient curvature to forbid
stabilization of a single girder, it is necessary to use falsework
or additional cranes, It is difficult to determine the need for
temporary supports because there is little information on the
behavior of slender unbraced curved I-girders. A third means

of handling the girders is to connect two I-girders with cross

bracing before lifting the assembly into place. This technique
is limited by crane capacity.

Because curved girders interact through the cross frames,
it is difficult to adjust their elevations. Lateral deflections are

also a concern during the erection ofcurved girders. Although
curved girders tend to rotate as well as deflect vertically, there
usually is no reference to lateral deflections in the plans.

When the girder is partially braced, it may rotate enough to
make it very difficult to attach cross frames that were detailed
for zero stress. Clearly, ifthe girders are adequately supported
to ensure îeaÍ-zero stress during erection, the problem of
relative deflections is eliminated.

8.2 Box Girders

Curved box girders generally present fewer erection prob-
lems than curved I-girders. A single box girder is usually sta-

ble and may be erected with no special consideration. For a

given bridge cross section, there are fewer box girders than
I-girders, so there are fewer members to erect. Also, there are

fewer lines of intermediate cross bracing between boxes.
One problem sometimes encountered with box girders is

that torsion due to self-weight may induce enough cross-
sectional distortion that fit-up of diaphragms between boxes
is difficult, or impossible, without falsework. Torsion is
most often due to skewed supports, but in extreme cases,

may be due to curvature. This problem is less severe with
I-girders because they are weak in torsion and can be more
easily twisted to the proper attitude.

8.3 Oversized Bolt Holes

One problem encountered by erectors is the use of over-
sized bolt holes. Oversized bolt holes permit girders to
deflect unpredictably. Although rarely used, oversized
holes are permitted by AASHTO in girder splices, as well
as in cross frame connections and bracing members. Over-
sized and slotted bolt holes are designed for lower slip val-
ues but for the same bearing strengths as standard-sized
holes. The main advantage ofoversized or slotted bolt holes
is that the structure does not have to be subassembled by the
fabricator.

Oversized holes permit unpredictable deflections and

associated stresses that are different from those determined



by analysis. It is often difficult for the erector to establish
proper girder line and camber of curved girders when over-
sized holes are used for cross frame connections. The problem
is exacerbated as curvature ofthe girder increases. For straight
girders, oversized holes in the cross frame connections present
less of a problem because little load is transfened between
girders under the self-weight condition.

When standard-sized bolt holes are used, the erector can
adjust the girder elevation and attitude until bolting of con-
nections can be accomplished. Ifthe holes are not stretched
and filed reaming is not permitted, the deflected shape of
the erected steel should closely resemble the computed
shape. In fact, this condition is called for by Division II-
Article 11,2.2. This article requires construction engineer-
ing to consider deflections and various loads during the
erection and construction process to ensure that over-
stresses in the completed structure do not occur. There
are a few instances where the contract calls for the contrac-
tor to acquire the service of an engineer. In most cases,

curved-girder construction is carried out with little con-
struction engineering. At present, there is no mechanism
where the contractor can influence fabrication to match an

erection plan.

F. Deck Placement

There are additional issues associated with placement of
the concrete deck on curved-girder bridges. These issues

relate to the fact that the girders in a bridge cross section
deflect vertically different amounts as dead load is applied.
The girder on the outside of the curve usually deflects more
than the other girders, while the girder on the inside of the
curve usually deflects less. Generally the concrete deck is
screeded as it is placed. For example, when half of the deck
in a span has been placed, the girders will have deflected
approximately half of the total deflection for the deck load in
that span. The girders have been cambered for the total deck
deflection. If only half of the deck camber has been deflected
out of the girders, only half of the differences between girder
deflections will have occurred. This means that the relative
position of the girders has not reached its final condition. If
deck weight is added to the bridge such that the girder deflec-
tions are not in proportion to the load, there can be an error
in the deck thickness.

Load applied to the deck overhang brackets can cause addi-
tional torque on the girders. Typically, exterior girders are

designed for their share of the deck concrete applied to the
girder. In fact, a significant portion of the deck weight applied
to the outside girders is applied to the overhang brackets, cre-
ating torsion in these girders. The screed rails are also usually
placed on the overhang brackets, creating additional torsion
in the exterior girders. Exterior girders are usually not
designed for this torsional load. Bracket deflection is usually
not accounted for either.

lt3

V. FUTURE RESEARCH NEEDS

A. lntroduction

Horizontally curved beams are one of the least understood
structural elements in common use today. Designers, own-
ers, and users will undoubtedly benefit from research leading
to improved understanding of curved-girder bridge behavior.
These research needs can be separated into two categories:
improved assessment of the strength of their components and
more efficient and aesthetic design forms. Although differ-
ent, the two areas go hand-in-hand. Improved strength equa-
tions and details, alone, are likely to provide only marginal
benefits. The conf,dence gained through improved under-
standing, however, has a much larger potential to bring about
novel bridge forms.

New analysis tools, particularly finite element computer
programs, are now available that permit detailed analyses of
both structural elements and entire structures. These analysis
tools have not been adequately applied to horizontally curved
beam bridges. Field instrumentation of curved bridges car-
ried out by several researchers over the past 20 years remains
unexplored with the newest analysis tools. It is imperative
that any new experimental research be paralleled with refined
analytical investigations if the maximum benefits are to be
gleaned from the experimental work.

There is a wide range of analysis techniques employed in
the design ofcurved-girderbridges. The Guide Spec requires
that the entire superstructure be considered in the analysis.
However, approximate methods are permitted that have not
well-deûned limitations. Even the most refined methods have
limitations and assumptions that remain unexplored. For
these reasons, the research team believes that it is unwise to
venture too far from past practice in design. There is a great
need to quantify the reliability of various analysis methods
and to explore how and when each method might be best
applied. It is well known that all V-load analyses are not the
same. It is less well known that all 3D finite element analyses

do not provide the same results. Application of the methods
needs to be studied and compared to field measurements.

Construction of curved bridges is an area where more
research is needed. There have been numerous problems asso-

ciated with construction and a wide range of opinion as to the
best way to build curved-girder bridges. Although such
bridges will remain too complex to pigeonhole the construc-
tion methods for them, there is a need for better fundamental
understanding of the structural behavior of curved girders
during fabrication and construction.

Much of the research has been directed toward I-girders.
Recently, box girders have found favor in a number of states.

The problems of the two types of curved girders are different.
It does not seem practical to group the two girder types
together. I-girders are torsionally weak and are difficult to ship
and erect. Box girders are easier to ship and erect; however,
erection problems are related with their torsional stiffness
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rather than weakness. The strength predictions ofboth types of
girders are in need of improvement.

The behavior of curved bridges near ultimate load is
unknown. Thus, the excess capacity of these bridges for load
beyond design levels is not defined. Ifa stringer in a straight-
girder bridge fails, the remaining girders in the bridge cross

section are fully effective. This assumption cannot be safely
made with all curved-girder bridges.

The research needs can be divided between box and
I-girders-between construction and ultimate capacity and
between element and overall behavior.

B. l-Beams

1. Unsymmetrical curved l-sections need to be studied
because they are the most commonly used sections. Also
multiple I-girders attached to a common composite deck
should be investigated. These types of sections should be

investigated both analytically and experimentally. Updated
predictor equations for flexural and shear strength are needed

to cover all types ofl-sections.
2. Investigation of various types of web stiffening should

be expanded for bending, shear, and combined bending and

shear conditions. Tests of l-sections without stiffeners at web
slenderness up to 200 should be made. Longitudinally stiff-
ened webs need to be tested. Tests of various intermediate
transverse stiffener conf,gurations are required to develop an

analytical model that represents the shear strength ofcurved-
girder webs. These tests should be expanded to evaluate the
effectiveness of various end details of stiffeners. The effect
of stiffener spacing on the bend-buckling strength of curved
girders with varying details is needed.

3. Better def,nition of local flange buckling is needed.

There is a wide difference between the Hanshin provisions
and the AASHTO provisions in this regard.

4. Tests of shear connectors that are subjected to large
lateral forces near cross frames in fatigue are needed.

5. Evaluation ofbottom flange bracing and related analysis

techniques leading to the proper consideration of these mem-
bers in design is needed. The effectiveness of these members

during construction is not well understood. Because they are

expensive to fabricate and erect, it wouldbe useful to ascertain

whether or not they should be used, and if so, when are they
effective?

C. Box Beams

1. Although box distortion reduces its torsional stiffness
and probably reduces its strength, the degree to which these

changes occur is not defined. The effect of cross-section dis-
tortion on shear strength and bending strength needs to be

investigated experimentally. Design equations must then be

developed from the work.
The effectiveness of internal cross bracing in reducing

cross-section distortion needs to be investigated. Design rec-

ommendations should evolve from such an investigation.
How cross-section distortion affects box-girder analysis
needs to be investigated.

2. Internal diaphragms are expensive and difficult to
design. They serve a multitude of purposes including reten-
tion ofbox shape, bearing stiffener, and support for external
diaphragms. Design rules for these members need to be
advanced.

D. Constructibility

1. Most structures may be adequately analyzed by using
small deflection theory. However, curved I-girders deflect so

much laterally at times, that the adequacy of this assumption
is brought into question. During lifting and when girders are

temporarily unbraced over large distances, lateral deflections
and twist are large. Research is needed to define which con-
ditions limit the applicability of small deflection theory.
Beyond these limits, large deflection theory and possibly
inelastic theory as well would be required.

2. Research is required to determine when lateral deflec-
tion and twist limitations are needed in curved-bridge con-
struction to ensure that stresses and deflections will not
exceed those permitted.

E. Analysis

1. Techniques in use should be evaluated for a variety of
curved bridges to determine the adequacy and limitations of
each method. Approximate analysis methods (M/R or V-load
methods) need to be compared to more refined methods to
determine the best application techniques. The proper use of
wheel load distribution factors is particularly laborious in
this regard.

2. The failure mechanism of a curved bridge needs to be

def,ned. Tests of full-scale bridges to failure are needed.

Design specifications provide load factors based on tests that
give an acceptable margin of safety for error between com-
puted and actual strength. The load factor design provisions
use an analysis factor of 1.3. The LRFD provisions use an

analysis factor of 1.0, because the refined wheel load distri-
bution factors and other methods of assigning load for
straight girders are thought to be very accurate.

F. Design Forms

New design forms need to be studied to improve the effi-
ciency ofcurved-girder bridges. Examples include precast con-
crete decks, large box girders, different shapes of haunched
girders, tied-down spans, and post-tensioned decks. Different
erection schemes and different construction methods, partic-
ularly for concrete deck construction will contribute to the
efficiency of curved-girder bridge construction.

Many of these and other concepts can be accomplished
with the proposed specifications. No fundamental research is
needed, only design innovation.



ANNEX I

COMPARISON OF DEAD.LOAD ANALYSES

A three-girder, simple-span curved bridge, as shown in
Figure I-1, is analyzed for noncomposite dead load by using
the V-load method, finite difference method (50), and 3D
finite element method (MSCNASTRAN). The purpose of
this analysis is to compare the resulting vertical bending
stresses and lateral bending stresses of three different
analysis techniques. The noncomposite dead loads (DLl)
are 1.034 kips/ft for two outside girders and 1.247 kips/ft
for the interior girder. All truss cross frame members have

a cross-sectional area of 5 in2.

The maximum vertical bending stresses computed from the

three different methods are presented in Table I-1. Table I-2
gives the maximum lateral bending stresses.

Although a three-dimensional, finite element analysis

computes element stresses directly from each element, addi-

tional computations are required to determine the flange lat-
eral bending stresses in cases where the Vload method and

finite difference method are used. The following computa-

tion examples illustrate the procedures used to generate values
presented in Table I-2:

B"E

G1

tta = 0.5"
flanges: 12" x 1'
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V-Load Method

At midspan, Girder No. 3, M,u* = 7,913.5 k-ft, / = 12.5 ft,
R = 300 ft, and D = 5.0 ft.

,, M^u I' 1,913.5x]2x(!?.5x12)'z= 
205.6k_in.tvtt=-= 12x60x3oox12 =''

f = -x|l- = 205'9,.= g.56ksir" - trbr2 f6- |xl2216

Finite Dffirence Method

At midspan, Girder No. 3, Bimoment (BM) = I1,929 k-in2,
I,=267,912 in6, and o, = 183 in2.

^ BMa- 11.929 xl83I = '..-- =¡l-l:)Kstrw I, 267.912

Any additional normal stresses occurring due to cross-
sectional distortion are included in a three-dimensional, first
order finite element analysis. In the classical strength of
materials analysis, cross sections are assumed to retain their
original shape during deformation. Despite that, this assump-

X-Frame : B @ 12'-6" O.C. on G3
on G3
on G3

Span length: 1 00'
Radius :300'

Figure I-1. Framing plan and schematic of cross section.



TABLE I-1 Maximum vertical bending stress (ksi)

Girder No. V-load Finite Difference MSC/NASTRAN

1 5.77 6.35 7.02

2 17.10 15.66 15.90

3 23.20 23.88 23.80
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tion may not be valid, particularly for thin-walled assem-

blages; it has been retained, nevertheless, mainly because in
most well-engineered and braced structures, distortion effects
are very small. V/ithout the assumption, the govenring equa-

tions become differential equations with variable coefficients,
thereby rendering any closed-form solutions to the differential
equations practically impossible.

According to Dabrowski (ó) and Heins andFirmage (100),

the distortional normal stress is defined by the induced stress

occurring in thin-walled structural elements of the girder
cross section. As a result of the variations in torsional shears,

distortion ofthe cross section takes place. Although the rig-
orous analysis of distortional effects is quite complicated,
Heins and Firmage (100) introduce the following simplified
equation based on regression analyses:

fo
fo + f",

AX3+ BX2+ CX + D
(r-1)

where

,f¿ = induced normal distortional stress (ksi),

f¡ = vertical bending stress (ksi),

f' = warping stress (ksi),
X = cross frame spacing/span length, and

A,B,C,D = coefficients given.

For R = 300 ft and I = 100 ft, coefficients A, B, C, and D are

determined by using linear interpolation. A = -16.864, B =
8.831 6, C = 10.251 8, D = -0.5383, X : 12.5 / 100 = 0.125.

-16.864 x 0. 1253 + 8.8376 x 0.1252 + 10.251 8

The second order or amplification radial moment and,

hence, stress due to the presence ofaxial force, in addition to
the primary lateral-bending moment, may be evaluated by
considering an amplification factor. There are four different
equations presented to date for the in-plane buckling of a cir-
cular arch. A recent study by Kang and Yoo (101) gives the
lowest buckling load, while an equation by Papangelis and

Trahair (102) yields the highest buckling load. An equation
giving a buckling load in the middle is to be used in this com-
putation example. The following equation is supported by
many researcher s (7,24,42, I 0 3) :

o - EI ( 4Tr.2 R2 ,l," =f,'lË-t) \r-2)

whete l, = equivalent simple-span length.
For the example, l" may be taken as 0.61. I = I x l23ll2 =

I44 ina, R = 300 ft.

/ ^ .. \
n, =r]#4#ty:ßyl!1, _, l= 2o,353kips" (300 x l2)' [(12.5 x12x0.6)' )

P : 23.20 x 12 x 7 = 278.40 kips

Therefore, an amplification factor for the lateral flange bend-
ing may be computed as

(,ll , I
AF=l , Pl=lt 2'78.401=l-014

l'- P",.1 I '- zwfil\. "i \ ,)

Finally, AF(f,, + f) = 1.014 (8.56 + 0.27) = 1.014 (8.83) =
8.95 ksi.

From Tables I-1 and I-2, stresses evaluated by the three
different methods are fairly close. The three methods used

are V-load, a modif,ed one-dimensional, line-girder analysis;
finite difference, a2D grid analysis; and MSC/NASTRAN,
a 3D finite element analysis. A 3D finite element analysis is
capable of calculating the first order distortional stresses.

100

f¿_
fa+ f,

= 0.00849

"f¿ 
= 0.00849 x (23.20 + 8.56) = 0.27 ksi

f¿=0.00849 x (23.88 + 8.15) =0.27 ks1

x 0.125 - 0.-5383

100

V-load method

Finite difference
method

TABLE I-2 Maximum lateral bending stress (ksi)

Girder No V-load Finite Difference MSC/NASTRAN

1.99 1.66 1,90

2 6.11 5.00 5.17

3 8.56 8.15 8.25



Figure I-2. Interactive yield stress distribution.

From these comparative analyses, it appears that the magni-
tude of the distortional stress is similar to that evaluated from
the simplified procedure given by Heins and Firmage (100).

The yield stress distribution of an I-section, fully plastified
under the combined action of vertical bending and lateral
bending, is shown in Figure I-2.

The vertical bending moment is F"D(aA¡ + 4,"14). From
this moment, the virtual load, q, is computed as Fr,(ctA¡ +
A,,/4)/R. Although the second term is usually neglected
in the V-load analysis, as shown in Equation (B-6), it is
included in this example calculation to make the resulting lat-
eral bending moment large. Assuming, conservatively, that
the virtual load, q, is uniformly distributed between two
adjacent brace points, the resulting lateral bending moment
becomes qI2/12. If there is a complete redistribution of
moments to form a collapse mechanism, then the denomina-
tor should be 16 instead of 12. To be consistent with assump-
tions employed throughout the development of the Guide
Spec and to be conservative, no redistribution of moment is
assumed. With the dark-shaded stress blocks in Figure I-2,
the resisting internal lateral bending moment is evaluated as

FÅrb(l - u2¡/4. Equating these two expressions for the lat-
eral bending moment and solving for u yields cr = 0.861. This
implies that only 14 percent of the flange area is plastited
due to lateral bending (or warping).

An ampliûcation factor is recomputed for the section when
it is fully plastified. The equivalent axial load, assuming { =
50 ksi, is P = 50 (0.861 x 12 + 6O x 0.5/4) = 891.6 kips.

I' lI ' I
AF=1, P l=1, 891.6 | =t.046l'- P* I I '- 2wßl

\ /\ /
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NOMENCLATURE

The following symbols are used in this document.

Af area of one flange of beam or girder (in2)

A. area of web (in2)

d aspect ratio of web panel, d"/D
BM bimoment (k-in2)

b flange width (in.)
bf compression flange width (in.)
Cb moment gradient correction factor
D distance between flange components (in.)
D" depth of web in compression (in.)
DL dead load (k/in.)
do distance between transverse stiffeners (in.)
E Young's modulus (psi)
e ecceîtricity of applied load with respect to shear cen-

ter (in.)
F flexural stress in a box (psi)
F" allowable vertical bending stress in Hanshin (psi)
F", critical lateral torsional buckling stress of straight

girder (psi)
F, allowable shear stress (psi)
Fy specified minimum yield stress (psi)
Fu" specified yield stress of the compression flange (psi)
Fy¡ yield stress of flange (psi)
Fr* yield stress of web (psi)

rt calculated bending stress (psi)

fu" average normal stress in the compression flange of
curved girder (psi)
average normal stress in the compression flange of
straight girder (psi)
distortion stress (psi)

r noncomposite dead-load bending stress (psi)
computed vertical bending stress in Hanshin (psi)
lateral bending stress at brace point (psi)
calculated shear stress (psi)
calculated normal stress at the edge of the flange due
to nonuniform torsion (lateral flange bending) for
plate girders (psi)

G shear modulus (psi)
H torque (k-in.)
1 impact factor
Io polar moment of inertia about the shear center (ina)

Ip polar moment of inertia about the center of gravity
(in)

I, wa{ping constant (in6)

"/ required rigidity ratio of one transverse stiffener to
that of the web plate

K plate buckling coefficient
Kr St. Venant torsion (or pure torsion) constant (in4)

fu,

fn
f*
f"
f,
f,
f,



L
M
Mt

Mp

M,,

M*
M),

M-
P
P,t
Pu,

q

4N,

R

Rb

r
ry

T

/ distance between lateral flange restraints (in.)
/" equivalent simple span length for lateral bending

moment,0.6/ (in.)
span length (in.)
bending moment (k-in.)
flange lateral bending moment due to noncollinearity
of flange forces due to flexure (k-in.)
plastic moment (k-in.)
predicted ultimate moment (k-in.)
test ultimate moment (k-in.)
yield moment (k-in.)
applied moment/buckling moment

concentrated load (k)
concentrated load at first nonlinear deflection (k)

test ultimate concentrated load (k)
equivalent uniform lateral load resulting from non-

collinearity of flange resultant forces due to flexure
(k/in.)
equivalent uniform lateral load in McManus simpli-
fied model (k/in.)
radius of girder (in.)
flange stress reduction factor

,Eþ;(lej çn.¡

radius of gyration, ,[ /A tin.)
(time for live load to traverse a span)/(natural fre-
quency of the span)

thickness (in.)
thickness of flange (in.)
thickness of web (in.)
lateral displacement of McManus model (in.)
torsional shear stress in a box (psi)

t21

plastic shear capacity (k)
ultimate shear force capacity (k)
spacing between interior box diaphragms (in.)
parameter defining transverse stiffener rigidity
distance between shear center and center of gravity
(in.)
curvaturg parameter

distance from support to load (in.)

effective flange width parameter
position parameter of longitudinal stiffener
parameter def,ning stiffener rigidity of curved beams

parameter defining stiffener rigidity of straight beams

reduction factor for the maximum compressive/tensile

stress of box girder
slenderness parameter l(l/ r) F,,)/ (4n2 E)
Poisson's ratio
curvature correction factor for flange parameters, non-

compact
curvature correction factor for warping stress, non-

compact
curvature correction factors for warping stress,

compact
curvature correction factors for warping stress,

compact
controlling p,ur or p,uz

curvature correction factor for flange parameters,

compact
warping stress (psi)
angle of twist
torsional rigidity rario (LJGK;/ù,)
normalized unit warping (in2)

vp

V,,

w
X
!o

Z
z
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^
¡"
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APPENDIX C

A UNIFIED APPROACH FOR DESIGNING AND CONSTRUCTING
HORIZONTALLY CURVED GIRDER BRIDGES

PROPOSED AASHTO SPECI FICATIONS
(HTGHLTGHTS OF MAJOR CHANGES)

I. INTRODUCTION

Unlike manufacturing many similar objects, where it is
possible to test a number of products, each bridge is unique.

A design specification attempts to provide uniformity to
each design with regard to load capacity and serviceability.
Bridge design specifications are a means ofpresenting loads

and design rules to ensure that each bridge is capable of car-

rying a known level of load with a consistent safety margin
and for an expected life.

There are disadvantages to design specifications. They are

based on the state ofthe art, thus they are directed to the form
of structures being designed at the time. When rules of thumb
are incorporated into the provisions, limitations on the form
of the structure are inherent. Another disadvantage of rules

of thumb is that the reasoning behind them is often lost to the

next generation of designers. A commentary provides an

excellent means of retaining this lore.
Horizontally curved girder bridges present a particularly

challenging form of steel bridge with regard to both design

and construction. The proposed curved-girder specifica-
tions have been written with the objective of providing
maximum uniformity with regard to capacity while permit-
ting the widest variety of framing practical. These conflict-
ing objectives are addressed through adherence to sound

structural engineering principles and minimal reliance on
rules of thumb. The accompanying commentary explains
the reasoning behind the provisions and provides some

direction in their application.

II. SPECIFICATION FORMAT

Design specifications are contained within a format. Orig-
inally, AASHTO (1) was based on the allowable stress design
(ASD) format. The load factor design (LFD) format was

adopted as an alternative method in the 1960s. The load and

resistance factor design (LRFD) format was recently adopted
(2). The research team believes that the LRFD format will be

the singular format within 3 years.

Each succeeding format is based on preceding formats.
Thus, to fully understand any succeeding format, it is advis-

able to examine its predecessors. The proposed curved-girder

specifications are presented in an LFD format; however,
several of the provisions draw on other formats.

1. ASD Format

The computed member stresses are limited to the yield
stress or elastic buckling stress of the member divided by
the factor of safety. Stresses are computed from the nomi-
nal loads. Additional strength was available in the mem-
bers, which is part of the logic of ASD involved in select-
ing factors of safety related to the serviceability of the

bridge. For example, noncomposite design was used

although it was known that when the deck rested on the

stringers, the deck acted compositely and caused the bridge
to be stiffer than when computed assuming noncomposite
action. The general form of the ASD format is shown
below:

Ipl4g!ry4lgjligS ) Stress due to [or+(rr+ t)]Factor of safety

Rewriting this equation in the AASHTO format gives

Yield or buckling stress > sffess due ro lm+(u+ l]1.82

AASHTO found that afactot of safety of L82 is appropriate.
In addition to the allowable stress requirements, fatigue

limits are provided. Fatigue stresses have been found to be
progressively more critical when welding is employed.

Other limitations include span-to-depth limitations and

live-load deflection limits. There were three span-to-depth

limits. Trusses were limited to approximately not less than'lo
of the span. Multistringer beams were limited to not less than
t/zs of the span and girders in stringer-girder bridges were lim-
ited to not less than Vs of the span. In 1935, a paragraph was

added that permitted shallower members if the computed
deflection was not greater than if the specified ratios had not
been exceeded (3).

In 1936, the Bureau of Public Roads limited computed live-
load deflectionto t/aoo of the span for bridges with light traffic



and '/,roo of the span for bridges in or adjacent to populous cen-

ters and bridges carrying heavy traffic (3). These requirements

remain essentially unchanged to this day.

2. LFD Format

LFD was introduced into AASHTO in the late 1960s. With

this format, new concepts were introduced. The strength of the

member was defined as the ultimate strength rather than the

yield or buckling stress. Some shapes were capable of carry-

ing load in bending up to the plastic moment. The post buck-

ling strength of webs in shear was recognized with the tension

field concept.
The nominal loads from ASD were used. However, factors

were applied to the loads rather than a safety factor to the

strength. The general form is given below:

<Þsrrength >- TlþoLDr+þrr(Lt+ l]
This equation can be rewritten as

strength > älþ rrm + þ LL(LL + I)l

In the AASHTO format, the above equation becomes

Strength > ßlDL + sl3 (LL + I)]

According to Vincent, reliability of the strength predic-

tions was implied by a (Þ factor of 0.90 for most members

(4). So the capacity side of the equation had an implied

strength factor of 1.0, y was divided by Õ' This resulted in
an overall factor of 1.3, which was applied to dead and live
loads (4). This overall factor accounted for variability of
strength as well as variability of dead and live load' Vincent

states that y/(Þ accounted for uncertainty of overall effects

such as load application and analysis (4)' Thus, y/Õ was

indeed a partial safety factor.
The Þ¿¿ is assumed to be 1.0. A þ¡¡ of '/, is applied to live

load, which accounts for potential overloads. These factors

were set (calibrated) to provide multistringer LFD formats

having parity with ASD format at approximately 40-ft spans.

At greater spans, LFD gives lighter designs because the ratio

of dead-to-live load increases with span. Thus, the shortest

bridges designed by using ASD have the smallest safety mar-

gin, while those bridges designed by using LFD have a more

uniform margin of safety.

In addition to the strength requirement, serviceability

requirements were also specified as in ASD. Serviceability

requirements such as live-load deflection limits generally

involve load factors of 1.0.

Overload criteria are introduced. This additional require-

ment was created to ensure that the strength limits do not per-

mit occasional overloads to cause permanent deflection

called set (4), Both ASD and LFD codes remain applicable.
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3. LRFD Format

LRFD has been recently introduced into the AASHTO
bridge specifications (2). Design provisions with similar for-
mats have been adopted by AISC and AISI. In this format,

the factors applied to the loads are called load factors. The Õ
factor applied to the capacity predictor is called a resistance

factor, which is usually less than 1.0 and is placed in the

numerator (nominal capacity of the member). In Europe, a

factor for the reliability of strength predictors is greater than

1.0. It is placed in the denominator like a safety factor and is

referred to as a partial safety factor.

The general form for LRFD is given below:

Õstrength > þDLDL+þLL(LL+ I)

Rewriting in the AASHTO format gives

@Strength 2 I.ZDL + l.6LL

A new live load was introduced to replace HS20' The new

live load was made much heavier than HS20 to represent the

current and future loads expected on the nation's highways.

A new fatigue load was also specified. The fatigue loading is

a single vehicle in only one lane. The vehicle produces less

stress range than the HS20 vehicle.

The partial factor of safety, y/(Þ, is not present in the new

format for strength. However, the load factor on dead load is

increased from the 1.0 used in LFD to 1.2.
'Wheel load distribution factors were changed significantly;

generally they became smaller, leading to the assignment of
less live load to a stringer.

The rules of thumb remained essentially unchanged regard-

ing girder depth and live-load deflection limitations.

4. Limit States Design (LSD)

The LSD format is used in Europe and Canada. In this for-
mat, the factors applied to loads and capacity predictors are

called partial safety factors, which implies a distribution of
the margin of safety over several factors.

III. SPECIFICATION COMPONENTS

Each of the formats has similar components. The compo-

nents are provided in a similar manner. The proposed curved

girder provisions have the same components.

1. Loads

The most basic requirements of a design specification are the

provisions regarding loads. The engineer determines the dead

loads to be used in the design. The owner specifies the live
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loads the bridge is to carry. Many other loads such as wind, ice
force, and thermal changes are much more arbitrary.

Historically, nominal loads have been specified in bridge
design. Nominal loads may be defined as the expected level
of load; they are not usually extreme event loads. Because
nominal loads are used, an allowance should be made for
extreme loads by load factors or factors of safety.

No new loads are defined in the proposed curved-girder
provisions. However, the new LRFD fatigue live load with its
special impact provision is specified. Wind loads are specified
to be applied unidirectionally rather than perpendicularly to
the bridge. If peryendicular loads are used on a curved struc-
ture, the wind must be assumed to change direction, which is
unreasonable.

2. Load Application

Load application provides the means whereby loads are

applied to the bridge for analysis. When bridges were designed
as noncomposite simple spans with two main girders, loads
were assumed transferred transversely to the two main girders
according to statics; therefore, load application was rather
straightforward. There was little variation in the resulting
analyses between different designers.

In the 1940s, multistringer bridges became popular. It was

not as evident how much live load should be assigned to a

stringer with this type of construction. Variations in assump-

tions resulted in an increase in the variation ofbridge strengths.

Researchers at the University of Illinois developed a unified
approach for assignment of live load to multistringer bridges
(åó). The results of this study became the wheel load distri-
bution factors. Simple equations were developed that were
based on a detailed study of the size and type of multistringer
bridges being built at the time. The resulting stringer spacing
over a constart (S/C) was a compromise between complexity
and accuracy.

Even as the complexity and size of stringer bridges in-
creased, the wheel load distribution factor remained un-
changed until very recently (7). However, the Guide Spec
(8) required that loads should be applied via analysis of the
entire superstructure, because the strong interaction between
girders and cross frames was signif,cantly different from what
was considered in the original study. The V-load method is
often used to compute an additional moment due to curvature
that is added to the moment computed based on a wheel load
distribution factor.

Dead load is applied to the noncomposite structure based

on statics. A similar approach is used in the proposed girder
specifications. rùy'hen load is applied offthe shear center, the
torque generated must be calculated.

All of the AASHTO formats permit superimposed dead
load to be applied by assuming that it can be distributed uni-
formly to each girder. The proposed curved-girder provi-
sions do not permit this assumption. Instead, loads must be

applied on the deck as they occur. For example, these loads
include parapets that often are on the extreme edge of the
deck.

3. Structural Analysis

The bridge must be analyzed to obtain the load effects in
the members. There are very few provisions regarding this
type of analysis in AASHTO. Originally, analysis of simple
noncomposite girders was straightforward. When compos-
ite design and continuous girders became prevalent, states

began to develop new rules to be used within their jurisdic-
tion. AASHTO rules regarding analysis remained nominal.
The need for a united approach for the calculation of these

stresses is evident.
The use of the deck in tension in negative moment regions

of continuous girders is recommended in LRFD and is re-
quired in the proposed curved-girder provisions. This behav-
ior has been observed in most field tests. This requirement
provides conservative predictions of moment in negative
moment regions.

Because consideration of the entire superstructure is required
in the proposed curved-girder provisions, more refined analy-
sis techniques are implied. For example, consideration of lat-
eral forces at bearings is required. A normal beam or grillage
analysis assumes that the reactions are on the neutral axis and

will not yield the needed horizontal forces.

Live-load analysis can be performed by the influence line
or influence surface methods. In these cases, unit loads are

applied to the bridge model. The actual loading to obtain load
effects is applied to the influence lines or influence surfaces.

4. Load Effects

Load effects are the stresses, deflections, and other responses
in the individual members used to check the adequacy of the

design. The stresses are compared against those computed
from strength predictors.

Normally, girder moments are computed from the analy-
ses for various load conditions. Stresses are then computed
from the moments. Sometimes the girder moment or shear

can be compared directly. If the ultimate moment is used,
noncomposite and composite moments are added and the
total moment is compared to the capacity of the composite
girder. Vy'hen the critical moment is elastic, however, the sum
of noncomposite and composite stresses must be compared
with the critical stress.

The determination of stresses from girder moments
requires that section properties including moment of inertia
be computed. For composite sections, additional assump-
tions are involved. The amount of deck that is effective in
resisting compression must be determined as well as its
effective modulus. In AASHTO, the effective width of con-
crete deck for composite sections is specif,ed as 12 times the



structural thickness of the deck unless other limits control. In
negative moment regions, only the longitudinal reinforcing
is considered effective in resisting tension in computing
stresses. In the proposed curved-girder provisions, the effec-
tive width of concrete is defined as center-to-center between

stringers, which has the effect ofincreasing the effective con-
crete in most cases. The moment of inertia of the composite
section is larger, but because the neutral axis is higher, the

section modulus for the bottom of the section is changed very
little. However, the first moment of the deck used to design

shear connectors is greatly increased, requiring more shear

connectors.
In negative moment regions, the full concrete area of the

deck is used to determine the first moment for fatigue design

of the shear connectors, but only the longitudinal reinforcing
is used for strength determinations ofthe shear connectors.

Radial and tangential shear forces are required in shear

connector design for fatigue to ensure that statics are met at

the cross frames. The radial component for strength of shear

connectors is computed in a slightly different manner than in
the Guide spec.

To compute bending stresses in the negative moment
region for service loads including fatigue, the deck is con-
sidered uncracked. For strength, the deck is considered

cracked with only the reinforcing effective.
Web bend-buckling is first computed assuming the non-

composite section. The web must be checked again for the

composite dead load by adding the composite stress to the

original noncomposite stress. The sum of these stresses deter-

mines the location of the neutral axis. The process is per-

formed again for the live load on the composite section. This

situation is somewhat complex for longitudinally stiffened
webs, where the location of the longitudinal stiffener may be

selected for one case and checked for the others. In all cases,

the web is designed by assuming elastic buckling based on a

flat web.
As computer analysis techniques have become prevalent,

differences between various analyses have become more

pronounced. For example, the proposed provisions require
computation of cross frame forces, whereas their design must

be simply standard details if no analysis of their forces is

made. Different analyses may also give different responses

for cross frame forces. The proposed curved-girder provi-
sions give little instruction regarding analysis except that any

section, including cross frames and deck, must be in equilib-
rium, which can be accomplished in any number of ways by

the designer. When cross frames are attached to the web

instead of the flanges, detail design of the force flow to the

flange is required. Again, the designer can accomplish this in
any manner that assures static equilibrium.

The proposed curved-girder provisions do not specifically
consider reliability of analysis or the determination of load

effects. Instead, the reliability is based on the unified approach

in the determination of load effects. This approach is devel-

oped around an assumed analysis accuracy, which is the res-

r25

ponsibility of the engineer. It is impossible to specify the level
of refinement of analysis required for each bridge. Instead,

practicality must be balanced against inaccuracy. If results

from an analysis do not provide load effects that are in equi-

librium, the engineer is given a clue that something is not
right. The accuracy of any analysis depends on the particular
structure. For example, the effect of skew on girder bridges is

very significant. In many instances, a refined analysis is not
required for a radially supported curved bridge but it might be

needed for a highly skewed one.

5. Limit States

Limit states a¡e the conditions that limit the design to ensure

that the bridge will perform as planned. They involve the

strength of the bridge and its serviceability. More recently, the

constructibility of the bridge has been given more considera-

tion. In the proposed curved-girder provisions, constructibility
is considered a limit state.

Strength of a bridge is based on the accumulated strength of
the component parts. If the parts meet the strength require-
ments of the design provisions, the bridge is assumed to
have adequate strength. In the case of curved-girder bridges,
the performance of a bridge at ultimate load is not known. It
still seems conservative to make the same assumption. The
proposed curved-girder provisions make no attempt to esti-
mate the strength of curved-girder bridges other than on a

member basis.
Serviceability tends to deal with overall behavior of the

bridge. The deflections and overload are the main limit states

under serviceability.

A. Strength and Stability

Methods for predicting the strength or stability of each

structural member and connection are required. The predic-
tors give the nominal strength of the component. Nominal
strength is defined by assuming specified minimum material
properties and specified geometrical properties. The nominal
strength of each component must be greater than the factored
nominal loads.

In the proposed curved-girder specifications, AASHTO is

referred to for strength of components, such as shear con-

nectors, bolts, and bracing members that are not affected by
curvature. Strength of box flanges in compression is left
unchanged from the Guide Spec.

Bending strength of flanges of I-girders presented special

problems in development of the proposed curved-girder pro-
visions. The original research had been performed on doubly
symmetric noncomposite girders. Some test values were

lower than those predicted by the equations.
There were two separate equations. The first equation pre-

dicted first yield of the section to be used on sections with non-

compact flanges. The second equation predicted the strength
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based on the full plastic moment to be used on sections with
compact flanges. Both equations gave only compressive stress

values. Because the section was doubly symmetric, the tension
flange was assumed to have approximately the same stress and

did not need to be checked. The compact sections were defined
as having web slenderness up to 150 and transverse stiffeners
spaced at not more than the girder depth.

The proposed provisions need to give permitted stress lev-
els for singly symmetric sections and composite sections.
Additional assumptions are made to flesh out these needs.

Web slenderness of transverse stiffened webs is limited to
150 and the stiffener spacing is limited to the girder depth.
The slenderness of unstiffened webs is limited to 100. Com-
pact flanges are not permitted with a longitudinally stiffened
web where the web slenderness can be as high as 300. These
requirements are more severe than those found in the current
Guide Spec. Compact sections are defined as flanges having
a limited width-to{hickness ratio and a single web in the cen-
ter. These members are found on l-girders and the top flange
of tub girders.

In the examination of the research, it was learned that the
warping stress due to curvature was included in the devel-
opment of the strength equations in both compact and non-
compact flanges. One of the parameters that is required to
evaluate flange strength is the ratio of the warping stress to
the bending stress. If the warping stress due to curvature is
included in this ratio, it is effectively double counted. It was
learned that by ignoring the curvature warping stress in
determining the ratio, much better correlation with test data
can be obtained. The proposed curved-girder provisions
reflect this finding.

The steel strength equations in AASHTO LRFD are simi-
lar to those in AISC LRFD. The lateral buckling equations in
the 15th Edition of the AASHTO Standard Specifications
resemble the equations in AISC. These equations are based

on a strength of materials analysis that assumes that the cross

section does not deform, regardless of its proportions, Earlier
versions of AASHTO used a lateral torsional buckling equa-

tion based on the compression flange and part of the web
resisted lateral torsional buckling, which assumes that the
girder cross section may deform. It is this earlier equation
that forms the basis of the curved I-girder strength predictors
in the Guide Spec and has been maintained in the proposed
provisions. Stresses in the tension and compression flanges
are examined without regard to the entire section.

By ignoring the entire cross section, the proposed curved-
girder specifications permit a unified approach to noncompos-
ite and composite sections. Girders may be unsymmetrical and

noncomposite for some dead load and composite for some

dead and live load. If a doubly symmetrical, noncomposite
girder bridge is designed, it is simply a special case and no sep-

arate provisions are needed. Stresses for noncomposite and

composite cases are always additive. Thus, the section may be

evaluated at the top and bottom at any time by using provisions

that apply to the state of the flange at that time.

In the proposed curved-girder provisions, the rigidity of
longitudinal stiffeners is increased due to the curvature
effect. Such stiffeners are used to control bend-buckling and

are subject to large bending stress. Their rigidity has been
increased over that given in the Guide Spec or in AASHTO
to a level similar to that in the Hanshin provisions (9).

The stability of the entire structure is not specified in
AASHTO. In the proposed curved-girder provisions, stabil-
ity is required during all stages of construction. The final
structure is assumed stable. Unfortunately, the stability of
curved girders cannot be related to an Eigenvalue problem
because they start to bend laterally upon loading. Curved
girders tend to translate prior to failure more often than do
straight girders. There is no simple way to study this condi-
tion or to specify which section is adequate for given condi-
tions. Large deflection theory could be useful in examining
such behavior to ensure that internal lateral moments can be
developed in the section to resist any lateral moment devel-
oped as the girder deflects. In this regard, box girders are
much more stable than l-girders during erection.

B. Fatigue

Although fatigue is sometimes thought of as a serviceabil-
ity requirement because the load factor is 1.0, it is actually a

strength requirement. Fatigue design is addressed at the
member and connection level. Nominal live loading is used.
The ability to predict fatigue life for different details varies
greatly because the scatter in test data varies with the detail.
Thus, if mean values of life were used, the load factors would
have to vary for each detail or the O factors would be greatly
different. Instead, the (Þ factor is built into the allowable
stress range for each detail.

The fatigue design procedures of the AASHTO LRFD have
been used in the proposed curved-girder provisions (2). This
criterion uses a single vehicle, Application of the vehicle load
is accomplished by considering the entire superstructure
rather than a wheel load distribution factor.

As provided in the Guide Spec, the proposed curved-girder
provisions limit slenderness of the stiffened web as a function
of curvature to reduce through{hickness bending stresses at
transverse stiffeners. This should reduce the likelihood of
fatigue in the web at these welds.

The radial force component on shear connectors should be
considered for fatigue in the proposed curved-girder provi-
sions. The radial component is due to nonuniform torsion in
the girder which may be due to curvature or other effects
such as skew.

C. Serviceability

Deflection, The amount of energy contained in a girder is
a function of deformation. As deformation of the girders
within the structural system increases, its potential energy



increases. If adjacent stringers deflect differing amounts, brac-
ing between the stringers tends to minimize the difference in
deflection, according to the law of potential energy. Mini-
mization of relative girder deflection is desirable for the
proper placement of the deck concrete and to ensure stability
ofthe girders. It is accompanied by an increase in the bracing
forces. Thus, as stringers become more flexible, bracing forces
are very likely to increase. When the structure is skewed or
curved, the bracing forces are further increased. Thus, con-
trolling deflection tends to be more desirable for bridges with
curved girders or skewed supports than for straight girders

without skew.
AASHTO limits deflection through limiting girder depth as

a function of span length. The limit was developed in the time
of noncomposite girders and when the yield stress was usu-
ally 33 ksi. When composite construction was introduced, the
minimum girder depth limit was decreased from %s of the
span to t,/to of the span. By continuing to use the depth limits
established for earlier designs, the deflection of newer bridges
has been permitted to increase, and this increase often resulted
in a concomitant increase in cross frame forces.

In the proposed curved-girder provisions, the preferred limit
on the depth of the exterior steel girder has been increased to
the original limit of tÁs of the span. Other girders are still lim-
ited to '/ro of the span. However, when the minimum specified
yield stress is greater than 50 ksi, preferred girder depths are

increased.

A deflection limit is an indirect manner of controlling cross

frame or diaphragm actions and deck stresses. Since cross

frame actions must be computed according to the proposed
curved-girder provisions, it is possible that these actions can

be controlled directly. In this way, shallower girders may be

used on some bridges while even deeper girders may be

required when these members are highly stressed such as with
skewed supports. Such studied decisions by the designer are

permitted in the proposed curved-girder specifications.
Live-load deflection is limited to ensure that the bridge is

comfortable to users. The level of comfort is actually
related to acceleration not the magnitude of deflection. The
proposed curved-girder provisions limit acceleration
through a deflection limit based on a computation of the
frequency defined as the first flexural mode of vibration.
This approach permits the desired behavior to be addressed

directly by computation.
Laferal deflections occur in curved-girder bridges, causing

problems during erection. Skewed supports are likely to
exacerbate the problem. The provisions require that lateral
deflections be considered for erection pulposes.

Bearing rotation is associated with lateral movement.
The Guide Spec requires that rotational bearings be pro-
vided in all cases. The proposed curved-girder provisions
require that rotations at each bearing be determined and that
a bearing designed for that rotation be provided. Through
quantification of the rotations, less expensive bearings can
often be used.
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Overload. In certain instances, the maximum strength of
the girder is defined in the inelastic range. The overload pro-
vision is provided to ensure that permanent set in the steel
girders does not occur under expected live load. This loading
condition is based on a dead-load factor of 1.0 and a live-load
factor of %, when the design load is HS20 or greater. The
elastic stress due to these loads is limited to 0.95,(, in com-
posite girders and to 0.80.{, in noncomposite girders. These
limits are based on tests of small bridges in the Ottawa
AASHTO Bridge Test Program in the 1950s (10).

In the proposed curved-girder provisions, overload may
control l-sections designed as compact. In this case, the
girder is assumed to yield at its strength level. The overload
limit must be applied based on the noncompact criteria,
which may be rather severe because it limits the flange tip
stress at brace points to the yield stress.

D. Constructibility

Each bridge must be built. Construction must be considered
at the time of design if the most economical bridge is to result.
It is common that composite girders are critical under non-
composite loading during construction. In the past decade, the

AASHTO provisions have recognized the need to consider the

construction condition during design. Requirements to inves-

tigate deck staging and noncomposite girder behavior have

been added and other changes in this regard are being con-
templated. It is now normal practice to specify the pouring
sequence of the deck on the plans. The critical condition may

be either the noncomposite or composite condition. To check
the composite case, s/reJJes from the two conditions must be

added. Girder moments cannot be added because superposi-

tion does not apply when the bridge stiffness changes as the

concrete cures.

The noncomposite section in the positive moment region
has a compression flange that will be encased in concrete

when the section is composite; bu! for noncomposite dead

load, the flange is usually braced only at cross frame loca-

tions. The neutral axis is much closer to the tension flange
than it will be in the composite section; thus, more of the web
is in compression. Often the noncomposite case controls
design of the web and almost always controls the design of
the top flange in compression.

The proposed curved-girder specifications recognize con-

struction as a special limit state. However, critical stresses

are determined for this state by using the same manner of
equations as for other strength states. Dead-load stresses are

limited to the noncompact criterion for I-girders to ensure
that girders remain elastic under dead load.

If a longitudinal stiffener is used, web bend-buckling for
both noncomposite and composite conditions must be checked.

The provisions permit the location of the longitudinal stiff-
ener with respect to the compression flange. Stresses for the

sequential loading cases are accumulated.
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During erection of the steel, the girders are subjected to
self-weight with no, or minimal, torsional bracing. At this
stage, the unbraced length often exceeds that permitted by
the provisions. There is no method provided to check the

stability of this condition. Instead, an analysis that consid-
ers large deflections may be required. This is beyond the

specifrcs in the draft curved-girder provisions. Nevertheless,

such analyses are recognized and permitted.

IV. DIVISION II-CONSTRUCTION

Construction provisions have been prepared to accompany

the design provisions. The construction provisions are intended

to augment those in the existing Division II, not supplant

them. The reason for the additional provisions is to meet the

needs that have become evident regarding the construction of
curved-girder bridges over the past three decades.

Although horizontally curved girder bridges visually resem-

ble straight-girder bridges, they are significantly different in
strucfural behavior. Problems have been associated with erec-

tion of the steel and deck placement, in particular. These prob-
lems are manifest in their construction as well as in their
design. To know the deformations and stresses in the com-
pleted curved-girder bridge, additional engineering attention

is required compared to straighrgirder bridges of similar span.

The intended result of the new Division II is to further unify
construction and design.

By providing explanation of the reasons for the require-
ments, the contractor is not limited in how the bridge will be

built. The contractor is given the freedom to construct the

bridge in any way that meets the assumptions made in the

design. These requirements ensure that the bidding process

will be as level as possible. A scheme of construction is pro-
vided on the plans, but the contractor is free to modify it in
any way that is substantiated by engineering principles.

V. COMMENTARY

A commentary accompanies the provisions to provide the

background and intent ofthe provisions. The research team

hopes that the commentary will permit application of the
provisions with confidence and lead to a willingness on

the part of the designer to develop innovative designs that

may go beyond the provisions but remain faithful to sound

engineering principles.

vr. EcoNoMlcs

Another facet of structural design specifications is their
reverse tendency with regard to economics. Normally, speci-

fications are met to a minimum requirement because it is the

least expensive way. In the case of design specifications, it is
less expensive to exceed requirements in the design because it

takes less engineering time and there is less risk of adverse

consequences from an overdesigned structure. Because each

bridge is unique, it is not possible to assign an expected cost of
construction. So the owner finds it difficult to evaluate the effi-
ciency of a design. One available means is to require that the

plans meet a design specification that encompasses the desired

attributes. Because engineering is an art requiring judgment, it
is never possible to develop a perfect design specification.

There are several desirable attributes that a design specifi-
cation should possess. The specifrcation should provide com-
mon ground for both the owner and engineer. Clauses should

be clearly written with a supporting commentary that pro-
vides the source of the provisions and their limitations and

some guidance on their use. The design specification should
provide for the application of engineering principles without
excessive constraint, Rules of thumb should be carefully
defined with regard to limitation of application and their
source. There should always be latitude for the engineer to
avoid the use of rules of thumb. The engineer may decide to
design a structure to which the rules do not apply, or the engi-
neer may find additional benefits from refined analysis tech-

niques. Economic benefits, such as lighter girders, smaller
connections, elimination of members, or evolution of a bet-

ter framing or erection plan, may accrue through improved
understanding of structural behavior.

A limitation may accompany design provisions so that
design rules of thumb can be applied. For example, AASHTO
requires that straight box-girder bridges have more than one

box in the cross section. This limit is imposed because torsion

is ignored in the straight box-girder bridge provisions and a

single box is subjected to rather extreme torsion. The pro-
posed curved-girder provisions permit a single straight box
girder because torsion is considered. Thus, one restraint on

economics imposed by a rule of thumb has been eliminated.
AASHTO also places limitations on the spacing of straight

box girders to ensure that the wheel load distribution factors
provided are appropriate. The curved-girder provisions require

that the entire superstructure be analyzed. Live-load distribu-
tion need not be determined by using a rule of thumb but may

be determined by analysis. Thus, any reasonable spacing is

appropriate.

VII. SUMMARY

The proposed curved-girder specifications are based on

sound engineering principles and the latest research. The pro-
posed specifications are consistent with the AASHTO speci-
fications in that material and loading provisions in AASHTO
are referenced. Other provisions, such as splices and design

of straight members, are simply ignored in the proposed

specifications because those in the AASHTO specifications
should be used. However, all provisions in the proposed

specifications are self-contained in that no referencing to
AASHTO is made within an article.



Construction is recognized as a limit state. Thus, designs are

developed while recognizing the complications of construc-
tion. This step is logical when one recognizes that most of the
problems associated with these bridges have been in their con-
struction. Recognition of the importance of construction is
further evidenced by the Division II provisions for curved
girders that augment the construction provisions now in effect.

The research team has made every attempt to present the

design and construction provisions in a logical and unified
format. There is no reference to symmetrical or unsymmetri-
cal sections. There is no reference to composite or noncom-
posite sections. Instead, flanges and webs are treated assuming
the section is unsymmetrical. Sections may be either compos-
ite or noncomposite. If a flange is embedded in concrete, cer-
tain requirements are provided. Likewise, if the flange is not
embedded in concrete, other requirements are provided. The
requirements are the same regardless of the condition of the
other flange. For example, the top flange of a tub girder is

treated the same as if it were the top flange of an I-girder.
The webs of tub and l-girders are treated similarly. Webs are

treated by assuming that they are in unsymmetrical sections,

even if the steel girder happens to be symmetric. Even in these

rare cases, the web will have to be treated as if it were part of
an unsymmetrical section when the girder becomes compos-
ite. In the rare case when the girder does not become compos-
ite, it will simply be a special case of an unsymmetrical girder
(i.e., symmetrical).

A unified methodology for computation of stresses is pro-
vided in the proposed specifications. The major deviation
from existing AASHTO is the recognition of the difference of
behavior of composile girders at service load from behavior
at ultimate load. The composite girders are assumed to be

uncracked for service load regardless of the sense of stress in
the deck. At ultimate load, the deck is assumed cracked. The
one deviation from this assumption is the design of shea¡ con-
nectors for strength when the deck is considered uncracked.

The proposed curved-girder provisions permit a wider
range of structures to be designed, albeit with more effort on
the part of the designer.
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The proposed curved-girder provisions are an attempt to
present a unified methodology for the analysis and design of
horizontally curved girder highway bridges. The provisions
are based on principles that are considered critical to well-
designed bridges. The provisions attempt to present a unified
means of loading, analyzing, and designing these complex
structures. Because of their complexity, the engineer is called
on to broadly apply the principles within the provisions when
the rules have been exhausted.
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-APPENDIXES D THROUGH F

UNPUBLISHED MATERIAL

Appendixes D through F contained in the research

agency's final report are not published herein. For a limited
time, loan copies are available on request to NCHRP, Trans-

portation Research Board, Box 289, Washington, D'C.
20055. The appendixes are titled as follows:

Appendix D: Recommended Specifrcations for Steel

Curved-Girder Bridges and Commentary

Appendix E: Design Example, Horizontally Curved Steel

I-Girder Bridge
Appendix F: Design Example, Horizontally Curved Steel

Box-Girder Bridge


