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FOREWORD

The six papers in this RECORD are of special interest to the highway bridge designer.
The papers are timely and report on important areas in bridge design.

Zuk discusses the results of a survey about preferred bridge colors and their effect
on (a) a random sampling of motorists, (b) residents in the area of the test bridge site,
and (c) people with professional training in the arts. All groups generally preferred
the lighter colors to the darker colors, and the author recommends that highway de-
partments make more use of popular colors in view of their aesthetic value and public
preference.

Heins and Forbes address the problem confronting highway departments in issuing
permits for overloads. They develop simple and closely approximate procedures for
appraising a structure's capacity to carry a specified overload under controlled condi-
tions without damaging the structure. Their work should be of value to those divisions
of highway departments responsible for issuing overload permits.

The paper by Burdette, Goodpasture, and Doyle discusses the load-deflection test
results of two continuous deck girder bridges. A four-span structure was designed
with shear study connectors to provide composite action, and a three-span structure
was designed without any provision for shear development between the deck and steel
beams. The test results of the load-deflection curves agreed closely with the theoret-
ically calculated values for both structures and were particularly close for the four-
span structure with shear stud connectors.

Cicci and Csagoly address live-load stress development under normal traffic in 200
hours of recording measurement in a steel girder structure with welded cover plates.
The results from the strain gauges placed in critical locations showed that the live-load
peak stress reached 4,000 psi only once in 10 hours, a value that is less than 50 percent
of the design live-load stress. The authors conclude that fatigue distress is precluded
with these low stresses at such infrequent occurrences.

Heins and Galambos present a loading history of bridge studies in the past 5 years.
Their data that live-load stresses are generally low agree with the findings of Cicci
and Csagoly, and they further recommend revisions for currently adopted fatigue
design criteria. This paper describes one possible method of fatigue design.

Moses and Garson also recognize the low stress levels reported in numerous bridge
loading history studies and propose a method for predicting fatigue life that can be
easily incorporated into the design of bridge girders. Their procedure is based on a
probabilistic load model that forecasts histograms of highway bridge loading. Several
examples of fatigue design are included.

—H. L. Kinnier
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PUBLIC RESPONSE TO BRIDGE COLORS

William Zuk, Virginia Highway Research Council and
University of Virginia

Two test bridges were selected in Charlottesville, Virginia, to determine
people's reactions to bridges covered with white, yellow, green, blue, red,
brown, black, or aluminum-colored paint. One bridge was painted a dif-
ferent color each month, and the other was kept the same color for com-
parison. After each painting, interviews were held with (a) motorists see-
ing the bridges, (b) persons living near the bridges, and (c) people with
formal aesthetic training. More than 1,300 interviews were held for the 10
different bridge colors. The results show that white, yellow, light blue,
and green are definitely preferred over brown, black, and aluminum by all
groups. Red and dark blue were liked by aesthetically trained people;
others thought less highly of them. On the basis of this study, it is recom-
mended that more extensive use of popular colors be considered for high-
way bridges in the United States. A technique to aid in making a color
selection for any given bridge has been developed to photographically color-
alter the picture of a bridge so that color comparisons can be easily and
inexpensively made.

*A STEEL bridge in Charlottesville, Virginia, was selected to be painted different
colors to determine people's responses to these colors. The bridge selected was the
Locust Avenue bridge (Fig. 1) over the Charlottesville bypass (US-250). Within a few
blocks of Locust Avenue along the same highway heading west is a similar bridge on
Park Street (Fig. 2), which was used as a control bridge. Throughout the study the
Park Street bridge remained the same color, light green. A traffic light is located just
west of the Park Street bridge, which allowed for convenient interviewing of motorists
viewing the two bridges when they stopped at the red signal.

Three different groups of people were interviewed about their color preferences for
these bridges. Group A included a random sampling of motorists and vehicle occupants
who just viewed the bridges. During such interviewing, a large sign was placed east
of the Locust Avenue bridge on the bypass to alert travelers that a bridge color survey
was under way and ask them to take note of the colors of the two bridges. Group B in-
cluded people who lived near the bridges. It was believed that such people, feeling that
the bridges were a permanent part of their neighborhood and that they therefore were
more personally concerned, would represent a different point of view from transient
motorists. Group C was made up of people with professional training in the arts, such
as artists, architects, and landscape architects.

PAINTINGS AND RESPONSES

In September 1972, the eastern face of the steel girder on the Locust Avenue bridge
(originally light green) was painted its first color, white (No. 17886) (1).

Because the older surface paint on the Park Street bridge appeared shabby in com-
parison with the fresh paint on the Locust Avenue bridge, it was decided to repaint the
eastern face of the steel girder on that bridge as well. This was painted light green
(No. 14533) to approximate the original color of the Locust Avenue bridge.

Surveys of the three groups described previously were then begun. For group A
{(the motorists) only quick interviews were made while they were stopped at the traffic

Publication of this paper sponsored by Committee on General Structures.
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Figure 1. Locust Avenue bridge. Figure 2. Park Street bridge.

Table 1. Survey results.

No. Interviewed Age of Interviewees Preference" (percent)
(percent)

Male Female Evenly
Groups (percent) (percent) Total 0-25 26-50 51-75 Like Divided Dislike Indifferent
A (motorists) 8 22 131 36 58 6 57 14 25 4
B (residents) 38 62 26 31 42 27 42 12 42 4
C (artistically

trained) 89 11 18 61 39 0 12 22 6 0

3Compared to light green.

Figure 3. Color preference chart.
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signal. The interviewers mainly obtained color preference on the Locust Avenue and
Park Street bridges. Interviews of the other groups were more extensive and allowed
for general comments regarding the color. Table 1 gives results of the survey for
white. Group A (motorists) felt that white was highly visible; truck drivers especially
liked it. Group B (residents) felt that white presented a nice clean look although it
might soil easily. Group C (artistically trained) felt that white was satisfactory but
that other colors were preferable.

At about 1-month intervals, the Locust Avenue bridge was repainted another color
and surveys were taken again. The sequence of colors was yellow (No. 13538), light
blue (No. 15200), dark blue (No. 15050), red (No. 11105), brown (No. 10091), black (No.
17038), aluminum (No. 17178), and dark green (No. 14062). Tables for these colors
(similar to Table 1) are not shown for the sake of brevity, but they are available from
the author on request.

ANALYSIS AND CONCLUSIONS

The data are obviously subject to many interpretations. The percentage of people
in each of the three groups who prefer a particular bridge color is shown in Figure 3.
Because of the comparative technique used in the study in which each bridge color was
compared with light green (standard), the preference for the standard color had to be
arrived at by inference. An overwhelming number of comments by those interviewed
who responded that their preference for the light green and dark green was almost the
same showed that those who were evenly divided between the two colors and those who
disliked the dark green as opposed to the light green were considered as preferring
light green.

For purposes of further division, a 50 percent line is drawn across Figure 3 that
separates the more popular from the less popular colors at a glance. Group A (motor-
ists) preferred white, yellow, light blue, and dark green; these colors are closely fol-
lowed by dark blue, light green, and red. Group B (residents) preferred yellow, light
blue, and dark green; these colors are closely followed by white and light green. Group
C (aesthetically trained professionals) preferred white, yellow, dark blue, red, and
dark green; these colors were followed closely by light blue. Brown, black, and alu-
minum were unpopular with all groups.

Figure 3 shows that preferences of groups A and B do not differ significantly; this
suggests that whatever colors are acceptable to transient motorists are also accept-
able to persons who live near the bridge and consider it as part of their permanent
neighborhood environment. But, as expected, the opinions of group C vary somewhat
with those of groups A and B. Whereas yellow and dark green are liked by all groups,
group C has a strong preference for dark blue and red.

Color preference is a subtle determination that is subject to time, place, mood,
fashion, past association, and the like; however, it canbe concluded that the interviewees
would, by and large, be receptive to bridges painted different colors.

A small percentage felt that no extra money should be spent painting bridges different
colors. There are also some who are not particularly aware of the color of bridges at
all and would accept any reasonable color.

A great deal of quantitative information (1 through 12) is available on color and its
effect on people; however, none applies to bridge structures. Universally, if any one
color is more popular than any other, it is blue (2). This study shows that blue is in-
deed popular, but that, for bridges, other colors are liked as well. Many states already
are using bridge colors other than the standard aluminum and green such as blue,
yellow, white, red, and maroon.

METHOD FOR SELECTING BRIDGE COLOR

The following relatively inexpensive procedure is proposed to provide a rational
method for selecting bridge colors. It is based on the hypothesis that opinions from a
group of people are apt to be more acceptable than an opinion from a single "expert."”
The method involves altering the bridge color by photographic means rather than by
actually painting the bridge as was done in this study. This way, the bridge color can
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be evaluated by a random or selected group of people conveniently and efficiently by
viewing a series of colored slides or prints of the same bridge in different colors. It
is recommended that the color of each bridge be considered individually in relation to
its specific site and unique features. No one color suits all conditions.

For older bridges requiring repainting, photographs of these bridges can be taken
as is, including their actual background or setting. For new bridges, the selection of
the final paint color should be deferred until bridge construction is essentially complete.
The color-altering process to be described can be accomplished in but a few days,
which will not significantly delay the full completion of any new bridge.

The process is basically the same for all bridge types and colors but is modified
somewhat depending on darkness of the original color of the bridge in question. These
original colors will be classified as light (aluminum, white, yellow, etc.), medium
(light or medium green, blue, orange, etc.), and dark (black, rust, etc.).

The following color-altering photographic technique has been developed, tried, and
tested at the Virginia Highway Research Council for a variety of bridge types and colors
and has been found to be quite realistic.

1. Photograph the bridge on outdoor color slide film.

2. Developan8- by 10~-in. (20 by 25 ¢cm) color print from the slide or slides selected.
(The print should be of good quality.)

3. For light and medium original bridge colors, photographically reverse the color
slide. (For dark original bridge colors, this step may be omitted.)

4, From the black and white negative, enlarge a number of black and white prints of
the section of the bridge that will be color-altered. The enlargement must correspond
exactly in size with the 8- by 10-in. (20 by 25 cm) color print. This can be done by
placing the color print under the enlarger and carefully lining up the black and white
negative projection with the color print. For originally dark bridges, project the
original color negative onto black and white paper to produce the reverse black and
white tones.

5. For originally light or dark bridges, apply colored transparent overlays of plastic
acetate onto the black and white sections to be color-altered. (Commercially available
zip-a-tone rub-on overlays are available in 144 different colors.) For originally
medium-colored bridges, black and white prints must be colored with photographic oil
paints or tints that are commercially available. For best results with oils, the black
and white print should be on rough mat surface paper.

6. Carefully cut out the color-altered section of the black and white print, darken
the cut white edges of the paper, and place this section (a bridge beam for example) on
the corresponding section of the 8- by 10-in. (20 by 25 cm) color print.

7. With the color slide film, photograph the 8- by 10-in. (20 by 25 cm) print with the
added color-altered section. Repeat this step, with as many different color-altered
sections as desired.

8. Processthe film usedin step7 for use as coloredslides, colored prints, or both.
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ANALYSIS CHARTS FOR ISSUING VEHICLE PERMITS

Conrad P. Heins, Jr., and Richard C. Forbes,
College of Engineering, University of Maryland

A methodology that can be used to ascertain the safety of continuous (two-
and three-span) composite girder slab bridges under heavy vehicle (permit)
loads is discussed. The method [designed according to the 1969 AASHO
code (2)] has been used for developing a series of charts, which predict
directly whether a given permit vehicle causes an overstress condition in a
given structure. The criteria for safety of the structure are based on the
primary moment in the girders andare governed by the girder steel stress.
Typical permit vehicles that meet the safety requirements have also been
determined.

*THE transport of heavy loads through Maryland requires special vehicles and road
permits. Issuance of these permits can only be granted when the travel route, which
in most instances contains bridges, has been investigated. The safety of these bridge
structures can only be assured by carefully analyzing or rating these various bridges
for the proposed loads. These analyses require time that often is not available be-
cause the permit requests are generally required immediately or on weekends. The
personnel issuing the permits are not engineers; therefore, guidance from the Mary-
land State Highway Administration bridge section personnel is imperative.

A series of analysis charts were developed (1) to reduce the required investigating
time by the bridge engineer and to assure that the issuance of permits can be per-
formed quickly and efficiently. These charts can be used by the permit office (with
some guidance) in selecting the proper truck route and issuing permits.

The charts that were developed are limited to two~ and three-span prismatic con-
tinuous bridges of the following lengths:

1. Two span, 70 ft < L. < 140 ft and
2. Three span, in which the center span is 70 ft < L < 140 ft and the end span is 70
ft < NL < 140 ft where 0.5 < N < 1.0.

The charts were developed in accordance with the procedures used by the Maryland
State Highway Administration and the AASHO code. In particular, the following design
criteria were used:

1. Distribution of wheel loads according to S/7.0, where S = girder spacing;
2, Impact of 5 percent; and
3. Steel beam stresses not exceeding 0.75 Fy, where Fy = minimum yield strength.

In issuing the permit, the following restrictions are followed:

1. No other vehicles are allowed on the bridge when the permit vehicles are cross-
ing it,

2. The speed is restricted to a crawl (3 to 4 mph), and

3. The permit vehicle should travel down the middle of the bridge in line with the
main girders.

VEHICLE TYPES

The induced girder moments caused by each of these vehicles must be examined so
that charts that reflect the load effects of all present permit vehicles may be developed.

Publication of this paper sponsored by Committee on General Structures.
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Determination of these girder moments first required the examination of the charac-
teristics of 250 vehicles that were issued permits by the Maryland State Highway Ad-
ministration. These vehicles had gross weights from 65 to 1,017 kips and lengths from
18.5 to 129.6 ft.

The vehicles were classified into twelve types (Figs. 1 through 3) according to the
number of axles. Characteristics of these particular trucks will not exceed allowable
bridge stresses and will satisfy allowable chart conditions.

GIRDER MOMENTS

Classifying the permit vehicles by axle number eliminates one independent variable.
The other variables considered are wheelbase and gross weight. Comparisons between
these variables and induced girder moments (M;,) caused by these permit vehicles
have shown that the primary variable is gross weight GW (1). A plot of the induced
moment divided by gross weight MGW plotted against span length produced a straight
line with scatter about the mean line. The mean equation is found by a linear regres-
sion analysis of the data with the scatter prescribed by the deviation 2S. Figure 4
shows a plot of the moments induced at the support and midspan of a two-span structure
and moment at the support of a three-span structure for N = 1.0 and 0.9. Similar
trends occurred for all other plots.

The induced girder moments caused by the permit trucks were obtained by using
computerized influence lines (1, 3). Similar moments were obtained because of AASHO
vehicle design loads.

General moment equations have been determined (l) for the permit vehicle and
AASHO truck loads. These equations are of the form:

My = (A+ B - L+ 2S) GW (1)
Muso = (C+ D - L) 72.0 )
where
A, B, C, D = coefficients obtained from regression analysis,
S = standard deviation,
L = span length, and
72.0 = vehicle GW.

A wheel-load distribution must be used to account for the interaction of the girders
in a system. Therefore, the induced girder moments (Egs. 1 and 2) are modified as
follows:

=3 X709 @)

Mynso = 5 X 5.5 (4)

The half factor accounts for the wheel-load effect, because gross weight is used in Eqgs.
land 2. S/7.0 and S/5.5 are the wheel-load distribution factors, and S is the girder
spacing. Ratio R of these equations is

_ My
R_ MA (5)
or
[A+B-L+ ZS]QLVi
" 2 7.0 ©)
20 S
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Figure 1. Typical trucks: types 2, 3, 4, and 5.
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Figure 2. Typical trucks: types 6, 7, 8, and 9.
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Figure 3. Typical trucks: types 10, 215
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Equation 5 describes the difference in the induced girder moments caused by a per-
mit vehicle and the design loading. Factor R thus can provide a gauge of the safety of
the bridge, once the limiting value of R is established. R will be plotted as a function
of span length L for the corresponding truck type of gross weights and moment loca-
tions. The induced AASHO moment may be governed by lane loading, and this was duly
considered in computing Mjsuo.

ALLOWABLE RATIO R

The limiting value of R, designated as R..:, depends on the initial cross section of
the girders and on the permissible increase in stress (allowed by the AASHO code)
that is caused by unusual vehicles. The allowable R will be regulated by the type of
bridge construction, i.e., shored or unshored.

Shored Construction

By using the basic equation £ = M/S, the allowable stress equation is

MDL+ MA (10+I)

Design stress (AASHO) f = = 0.55 Fy W)
Permit load stress f = Moy + Myy (1 0 + 0.05) = 0.75 Fy (8)
Equating Eqs. 7 and 8 gives
1;/\14 - 0345M°L+ 1.295 (1.0 + 1)
However,
T = R
Therefore,
Rustpppreq = 0-345 Jo5+ 1205 (1.0+ 1) 9)

shorad

For any bridge structure, R,,+ may be calculated by substituting M., M,, and I into
Eq. 9.

Unshored Construction

Equations 7 and 8 must reflect section properties S; and S,, noncomposite and com-
posite section moduli respectively, to account for unshored construction. In unshored
construction, dead-load stresses are calculated with noncomposite section modulus S,
and live-load stresses are calculated with composite section modulus Sz. The induced
stresses are as follows:

Design stress (AASHO) f = l‘g';lu M 1'52 +1) _ 0.55 Fy (10)
Permit load stress f = -l\gL"+ Moy 1'%+ 0.0%) - 0.75 Fy (11)
1 2

Equating Eqs. 10 and 11 gives

Ry - 0.345 32 X, 1295 1.0+ 1) (12)

Ytynahored 1 MA
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Although a majority of bridges are unshored, Rou,, ., iS used in the development of
the charts because it is always conservative. However, the more liberal Ry
(Eq. 12) may be used if the section properties S, and S, are known.

The dead-load moments for the bridges under study are based on estimations of
dead-load weight per girder. These estimates were obtained from design curves de-
veloped by FHWA, which helped establish conservative values of gir der weight. Ex-~
amination of br:dge plans (4) revealedthat an 8)%-in. slab at 120 Ib/ft’ gave a conserva-
tive approximation for slab and wearing surface. The estimated dead load/ft” for the
various spans is given by Forbes and Heins (1). Girder spacing of 6.5 ft was used in
estimating the M,, for the curves because it yields minimum R,,; values.

unshored

EXACT VALUE OF R

An estimate of M,. (exact dead-load moment) is required to determine Ry for Eq. 9.
A more rigorous equation has been developed that will account for deviation in dead-
load moment estimations. Note that Eq. 9 is only for M,. inasmuch as it is assumed
that the term [ M, (1.0 + I) + M,_] always equals (0.55 Fy x S). Accordingto Eq. 9, when
M,. is overestimated, R,,, increases and when M, is underestimated, R, decreases be-
cause the equation requires the total moment to be equal to the des1gn moment of (0.55
Fy x S).

By assuming that a nondimensional quantity 6 represents the percentage of deviation of the
total actual moment from the design moment of magnitude (0.55 Fy x S), Eq. 9 becomes

MDL 3 MA (1.0 + I) _ MDL+ Mpv (1.0 + 0.05)

0.55+ 6 N 0.75
or
Ry MPV (0.345 - 1.74 5) M, 1.295 (1.0 + I) (13)
ut T {10+ 1.825) M, ' (1.0+ 1.82 6)
However,
M,, = (0.75 Fy x 8 = My,)

(1.0 + 0.05)
Therefore Eq. 12 gives the value of § as

5 - Moo+ M, (1.0+1)
Fy xS

-0.55 (14)

A pictorial representation of Eq. 12 is shown in Figure 5. When 6 is zero (Fig. 5), the
total moment [ M, (1.0 + I) + M, ] equals the design moment at a magnitude of (0.55

Fy x S), and R,,; is known exactly. When M,_ is overestimated, 6 is positive and Ry,
decreases. If M, is underestimated, 6 is negative and R,,, increases.

When analyzing a particular bridge with known properties, Eq. 12 maybeused. Equa-
tion 12 can also be used when the bridge is overdesigned. The difference between the
design moment (0.55 Fy x S) and the known existing moment equals -5, and, when sub-
stituted in Eq. 12, it will produce a larger R,,, ratio. Thus, a heavier vehicle would
be permitted to cross the bridge.

CHARTS

Equation 6 has been plotted as a function of span length, gross weight, and type of
structure (1). Some of these charts for truck type 7 are shown in Figures 6 through 10.
The 11m1tmg value of R (R,u:, EQ. 8) is plotted on each of these figures.

The only parameters that are required for using these charts are the permit vehicle
type [classified by number of axles (Figs. 1 through 3)], gross weight, type of bridge,
and span length.
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Figure 5. Allowable moment criteria.
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Figure 6. R versus GW: truck type 7.
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Figure 7. R versus GW: truck type 7.

Figure 8. R versus GW: truck type 7.
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Figure 9. R versus GW: truck type 7.

Figure 10. R versus GW: truck type 7.
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Figure 11. Three-span girder details.
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Table 1. Section properties and moments.
Section Modulus
(NC)* Section Modulus (C)"
Top Bottom Top (in.?) Bottom
(in.%), (in.?), (in.?),
Steel Steel Steel Concrete Steel Mo, M. Mpyy Mo,
Section Type  Flange Flange Flange  Slab Flange (kip-ft) (kip-£t) (kip-ft) (kip-ft)
A NC 849.0 849.0 849.0 - 849.0 -690.9 -635.0 -501.0 -1,000.0
B C 454.0 530.0 357.0 16,700.0 739.0 371.0 690.0 624.0 1,220.0
(67 C 454.0 530.0 357.0 16,700.0 739.0 361.0 716.0 683.0 1,352.0
°NC = bC=
Table 2. Stresses.
Live-Load Stress® for AASHO Live-Load Stress" for PV1 Live-Load Stress® for PV2
Dead-Load Stress®
—_— Top™ Top Top
Top, Bottom, Bottom, Bottom, Bottom,
Steel Steel Steel Concrete Steel Steel Concrete  Steel Steel Concrete Steel
Section Flange Flange Flange  Slab Flange Flange  Slab Flange Flange  Slab Flange
A +9.76 -9.76 +9.0 - -9.0 +7.08 - -7.08 +14.12 - -14.12
B -9.80 +8.40 -2.35 -0.414 +11.37 -2.10 0.374 +10.15 -4.09 0.731 +19.78
c -9.54 +8.18 -2.40 -0.429 +11.59 -2.29 0.409 +11.09 -4.55 0.810 +22.0

*Measured in ksi,
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APPLICATION

Nine existing bridges were completely analyzed to show the reliability of the charts
and their application in predicting induced maximum stresses caused by permit vehicles
(1). Ratios of stresses obtained by an exact analysis were compared to the chart values.
In all instances R.,; values were always conservative and provided safe analysis by use
of the charts.

Figure 11 shows the analysis of a three-span continuous bridge. The bridge was
composite in the positive moment region; made of A36 steel; and had a 7-in. concrete
slab, 2-in. wearing surface, 7-ft, 7-in. girder spacing, and a computed 1.038 kips/ft
dead load per girder. The bridge was subjected to two different seven-axle (heavy)
trucks, as shown in Figure 12.

The safety of the three~span structure after these trucks had passed over it can be
seen in Figures 6 through 10. For an end span ratio of N = 72 £t/90 ft = 0.80 and with
examination of Myupport (Fig. 7), M,, at midspan (Fig. 8), and M,, at side span (Fig. 10),
for GW = 136 kips, and L = 90 ft, the R value is below the R,, at all moment locations.
Therefore, permit vehicle 1 (PV1) may cross the bridge.

For the 269-kip permit vehicle (PV2), the R value for the moment at M,, of midspan
and end span exceed R,,;; therefore, this truck would not be permitted to cross the
bridge.

The exact stress analysis of this bridge based on AASHO and permit loads is sum-
marized in Tables 1 and 2. The total dead-load and live-load governing stresses at
the critical points (A, B, and C) on the girder are as follows:

Stress (ksi)

Loading A B c

AASHO +18.76 +19.77 +19.77
PV1 +23.88 +18.55 +19.27
PV2 +23.88 +28.18 +30.18

The allowable stress on the steel based on the overloads is 0.75 Fy = 27.0 ksi. PV1
does not cause an overstress at any sections; therefore, it may be issued a permit.
PV2 does cause an overstress; thus no permit would be granted. This is the same
conclusion that was reached when the charts were used. The concrete stress is less
than 0.40 £, and does not govern.

CONCLUSIONS

A series of charts have been developed (1) that can be applied toward determining
the safety of continuous span composite bridges that are subjected to heavy vehicle
loads. These charts are easily used and are functions of vehicle gross weight, truck
type based on the number of axles, span length, and location of the moment on the girder.
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COMPARISON OF MEASURED AND COMPUTED
ILOAD-DEFLECTION BEHAVIOR OF TWO HIGHWAY BRIDGES

Edwin G. Burdette and David W. Goodpasture, Department of Civil Engineering,
University of Tennessee, Knoxville; and
Stephen K. Doyle, Tennessee Valley Authority

Four deck girder highway bridges in Tennessee, located in an area to be
inundated as part of a Tennessee Valley Authority reservoir, were tested
under static load to failure. Research wasdirected toward comparing actual
bridge behavior with that which could be calculated by using accepted struc-
tural analysis methods. This paper is concerned specifically with a com-
parison of measured and computed load-deflection relationships of two steel
girder continuous bridges. Load-deflection curves calculated on the basis
of strain compatibility relationships, assuming that the entire bridge with
curbs acts as a wide beam, gave results that compared reasonably well with
the actual load-deflection curves. Actual and calculatedcurves were partic-
ularly close for bridge A. The behavior of bridge B in the elastic region
indicated that, although no provision was made to ensure composite action,
such action did exist. The computed load-deflection curve compared very
well with the measured curve in the elastic range when composite action
was assumed to exist. It was concluded that the method presented for the
prediction of load-deflection relationships was satisfactory. The total
moment capacities calculated by this method were close to the measured
capacities for both bridges.

oFOUR highway bridges, located in Franklin County, Tennessee, were tested to failure
during the summer of 1970. These bridges were located in an area that has since been
flooded as a part of the Tennessee Valley Authority's Tims Ford Reservoir. At the
time of testing, these bridges had already been replaced by newer bridges at higher
elevations.

Each of the two bridges considered was a two-lane, continuous deck girder bridge,
whose girders consisted of steel rolled beams with cover plates at interior supports.
Bridge A was a four-span continuous bridge with span lengths of 70, 90, and 70 ft. It
was designed in 1963 for an HS 20 loading. Studs were provided in the positive moment
regions to ensure composite action.

Bridge B had three spans with span lengths of 45, 60, and 45 ft. It was designed in
1956 for an H-15 loading. No provision was made for composite action,

Both bridges were excellent test specimens. Bridge A was on a slight sag vertical
curve; each was straight and had a 90-deg skew. Figures 1 and 2 show photographs of
the two bridges.

The testing procedure is described in detail elsewhere (1, 2, 3). The position
of the applied loads is shown in Figure 3. The loads on bridge A are intended to simu-
late two HS trucks, one in each traffic lane. Because of difficulties in rock drilling,
only six loading points were used on bridge B.

Among other data obtained from the tests were load-deflection curves for various
points on the bridge decks. An average of the deflection readings over the four girders
at the centerline of the loaded span was obtained so that a representative load-deflection
curve for each bridge could be plotted. These curves will be compared to the load-
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Figure 1. Bridge A.

Figure 3. Position of loads used for bridges A and B.
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deflection curves obtained analytically. Figures 4 and 5 show photographs of the
bridges at failure.

A comparison of measured and computed ultimate strengths of the four bridges was
discussed by Burdette and Goodpasture (2). This paper compares the measured load-
deflection relationships for the two steel girder continuous bridges with results of an
analytical solution based on strain compatibility relationships.

METHOD FOR OBTAINING THEORETICAL LOAD-DEFLECTION CURVES

The method used for calculating deflections for particular loads on the two
bridges was based on the determination of moment-curvature relationships (4, 5).
Load-deflection curves were determined by taking a typical cross section of the bridge
and developing a resisting moment versus curvature relationship or M-¢ curve., The
curvature, ¢, is equivalent to M/EI for an elastic member. The deflections for these
bridges were determined with the ICES STRUDL-II computer program and the principle
of superposition. The basic idea inthis procedureis that, asloadon a bridge increases
beyond first yielding, the bridge properties change. To obtain the total deflection of
the bridge requires that the deflections be added or be superimposed every time the
properties of the bridge change. So that these procedures could be used several as-
sumptions were made.

Assumptions

The locations of sections at which plastic hinges would form were predicted. For
bridge A, these were at the line of applied loads nearest midspan and at the section over
the pier nearest the first section. For bridge B, plastic hinges were assumed to form
at the line of applied loads nearest midspan and over the two piers. The actual test
confirmed these assumptions except that plastic hinges formed at the ends of the cover
plates a short distance from the piers—on the other side of the piers from where the
loads were applied rather than directly over the piers.

The bridges were idealized to facilitate computations. Curvature caused by the
crown in the roadway and other shapes such as chamfered edges on the cross sections
were idealized or ignored. Any effect of handrails was not considered. Supports were
taken to be at the centerline of bearing and assumed to act as knife edges. Reinforcing
steel in the bridge decks was not considered. The load caused by the hydraulic rams
was assumed, for calculation purposes, to have uniform lateral distribution; that is,
the loads were treated as line loads extending across the bridge deck.

The bridges were considered to act as single beams. Bending about the longitudinal
axis or the axis along the roadway centerline was not considered. Calculations con-
sidered the curbs or raised sidewalk portions as integral parts of the bridges. No
effort was made in these computations to investigate individual parts of the bridge,

i.e., comparing the amount of load carried by an interior girder versus that carried
by an exterior girder.

Material Properties

Stress-Strain Curves for Concrete—With the values of . determined from the com-
pression tests and formulas (6), idealized stress-strain curves for concrete were de-
veloped for each bridge. Taking 0.85 X £/as the maximum flexural stress the concrete
can attain and w'-*(33)f. as the modulus of elasticity of concrete, where w is the weight
of concrete in pounds per cubic foot, enabled a stress-strain curve for the concrete
in each bridge to be developed. Three assumptions were made so that the curves could
be drawn: (a) all concrete weighed 145 1b/ft®, (b) the stress was constant after reaching
a maximum of 0.85 f and up to a stram of 0.002, and (c) the modulus of elasticity was
constant up to a stress value of 0.85 fc No attempt was made to develop the curves
past a strain of 0.002. The assumptions given (6) were used to calculate moment and
curvature at concrete strains greater than 0.002, Figure 6 shows the stress-strain
curves for the concrete in the two bridges.

Stress-Strain Curves for Steel—The stress-strain relationships for the steel in each
bridge, which are shown in Figure 6, were used in the computations.




Figure 4. Bridge A at failure.

Figure 6. Stress-strain curves.
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Determination of M-¢ Curves

The determination of the M-¢ relationships for the positive bending moment region
of bridge A involved consideration of both the concrete and the steel, whereas the
M-¢ curves for bridge B and for the negative bending region over the piers of bridge A
considered only the steel girders. In the regions where only steel was considered, the
M-¢ curves were calculated by assuming noncomposite behavior because there were no
shear studs between the steel beams and the concrete deck. The methods used to calcu-
late M-¢ curves required application of the following necessary relationships:

1. Equilibrium of horizontal forces and moments,

2. Assumption of linear strain distribution,

3. Knowledge of the stress-strain relationships for concrete and steel, and

4, Perfect bond between beams and bridge deck where composite construction was
assumed.

Idealized M-¢ diagrams for the negative moment region of bridge A and for both
positive and negative moment regions of bridge B were obtained quite simply. First,
the moment and curvature at first yield of the steel were calculated on the basis of
elastic theory, and this point was plotted. Then, the plastic moment of the cross
section was calculated, and a horizontal line representing this moment was plotted on
the M-¢ diagram. Finally, a straight line intersecting the horizontal line representing
the plastic moment was drawn from the origin (M = 0, ¢ = 0) through the point at yield.
The resulting M-¢ diagrams for positive and negative moment regions of bridge B are
shown in Figure 7.

The M-¢ curve for the positive moment region of bridge A could not be so easily
idealized. The method used to calculate points on the curve is essentially that described
by Warwaruk, Sozen, and Siess (4) and Khachaturian and Gurfinkel (5). The diagram
was assumed to be perfectly linear up to first yield of the steel. From that point
forward, points on the curve were calculated on the basis of a chosen strain in the
extreme compressive fibers of the concrete. The M-¢ diagrams for both positive and
negative moment regions of bridge A are shown in Figure 8.

Load-Deflection Curves

The load-deflection curves for bridges A and B were developed by using the
STRUDL-II subset of the ICES computer program, the law of superposition, and the
M-¢ curves developed previously.

Method of Computation—The plane frame option of the STRUDL-II subset of the ICES
program uses a stiffness method of analysis to calculate moments, shears, reactions,
and deflections of a beam or frame subjected to a prescribed loading. This program
requires that the moments of inertia and modulus of elasticity be specified constants
for each member., If a beam is not of uniform cross section throughout its length, a
joint can be chosen at each section where the beam cross section changes, and appro-
priate E and I values can be specified for the several beams needed to represent the
actual beam being analyzed. This procedure was used to analyze bridges A and B with
cross-section properties that were not constant throughout their length.

Both bridges were treated as wide continuous beams as was done in the determina-
tion of M-¢ curves, The beams were subjected to concentrated loads so that maximum
moment at the load nearest midspan was produced. The loading was increased until
enough plastic hinges were formed to create a mechanism, and the total load required
to form the mechanism was considered to be the ultimate load for the bridge.

When the ultimate moment was reached at a section with an M-¢ curve like those
for bridge B and the negative moment region of bridge A, the structure was modified
for further load application by consicering that a hinge existed at the section. The load,
acting on the "'new'' structure with a hinge, was increased until ultimate moment was
reached at another section. If this section also had an M-¢ relationship like those
noted, a second hinge was introduced in the structure with the result that a third struc-
ture was formed. The load acting on this structure was increased until another plastic
hinge was formed. This procedure was continued until a mechanism existed, and the
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Figure 7. Moment-curvature curves for bridge B.
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ultimate load was calculated as the sum of the loads that were acting onthe structure at
various stages to form plastic hinges.

If the M-¢ curve for the section of maximum moment was like that for the positive
moment region of bridge A, the fact that the section does not reach ultimate moment
immediately after stopping to be elastic necessitates a somewhat modified approach.
The procedure for handling this case was as follows:

1. When the load was sufficient to cause a moment at the section equal to that at
which the section no longer behaved elastically, a new structure was considered for
further application of load.

2. This new structure for additional load could not be considered as having a hinge
at the maximum moment section, because the M-¢ curve still had a positive slope.
Instead, a small length of structure centered at this section was modified to have an
EI consistent with the slope of the M-¢ curve beyond the point of first loss of elastic
action.

3. The length of this revised section was taken as the overall depth of the member
which, for the composite section of bridge A, was approximately 4 ft.

One further consideration was required for bridge A. No provision was made for a
downward reaction at the abutments; thus, during the test, the bridge lifted off the
abutment nearest the loaded span. This occurrence was considered in the analysis by
making appropriate modification to the structure at the load that caused a zero reaction
at the abutment.

Results—The calculated load-deflection curves for the two bridges are shown in
Figures 9and 10 withthe average curve obtained experimentally.

COMPARISON OF RESULTS

The calculated and measured load-deflection curves for bridge A compared remark-
ably well, as shown in Figure 9. The computed ultimate load was 1,270 kips, and the
measured ultimate load was 1,250 kips.

The two curves shown in Figure 10 for bridge B do not compare so favorably. There
are two probable reasons for this lack of agreement: (a) The loading on the bridge was
not perfectly symmetrical (Fig. 3), and (b) the calculated behavior of the bridge was
based on noncomposite behavior, whereas the actual behavior as indicated by strain
measurements reflected a high degree of composite action up to near yielding of the
steel. The first reason probably explains why the actual ultimate load (640 kips) was
less than the computed ultimate (696 kips); that is, not all girders reached their plastic
moment capacity under the same loading.

The second reason, i.e., the assumption of composite behavior, explains the dis-
crepancy between the two curves for bridge B in the elastic region. The line obtained
on the basis of full composite action coincided almost identically with the measured
curve in the elastic range (Fig. 10).

CONCLUSIONS

The method used in this paper to predict load-deflection relationships for the two
bridges proved to be satisfactory. [ A detailed discussion of the research results (1)
and of certain aspects of the research (2, 3) is available.] The ultimate load, calcu-
lated on the basis of considering the bridge to act as a single wide beam, compared
closely with that obtained in the field tests. This suggests the possibility of basing
ultimate strength design methods on a comparison between the total bridge moment and
the sum of the ultimate moment capacities of the individual girders.

That composite action existed in bridge B, even though it had been subjected to
severe overloads and to vibratory loads before static tests began, is of interest. This
indicates that composite action will generally occur in a deck girder bridge up to loads
well beyond the design load for the bridge. Laboratory tests to confirm this observation
and, thus, tolead to design criteria that appropriately reflect this phenomenon would
appear to be in order.
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Figure 9. Comparison of measured and computed load-deflection curves
for bridge A.
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ASSESSMENT OF FATIGUE LIFE OF A
STEEL GIRDER BRIDGE IN SERVICE

Fernando Cicci, De Havilland Aircraft of Canada, Ltd.; and
Paul Csagoly, Ministry of Transportation and Communications, Ontario

To assess the fatigue life of welded, cover-plated steel girders, strain
gauges were placed in critical locations onthe superstructure of the Leslie
Street overpass on the Toronto Bypass. Data were gathered for 200 hours
in 12-hour continuous tape recording sessions. Analysis of the data re-
vealed that normal traffic caused a live-load stress peak of 4,000 psi (2757
MPa) only once in 10 hours, which is less than 50 percent design live-load
stress. Stressdata gathered by various agencies during the past few years
seem to indicate that either design stress does notoccur at all or it occurs
with such a low frequency that the development of any fatigue situation is
precluded. The phenomenon is associated with the low probability of the
simultaneous, multiple presence of loaded commercial vehicles on a struc-
ture. The problem is therefore statistical in nature. Its recognition ap-
pears to be in conflict with the prevailing concept used in fatigue con-
sideration of highway bridges.

oSTRUCTURAL engineers in the Ministry of Transportation and Communications,
Ontario, expressed considerable concern when an internal, cover-plated steel beam
failed in the Yellow Mill Pond Viaduct on I-95, Bridgeport, Connecticut, in 1970. The
failure originated in a crack at the toe of the fillet weld that spread along the end of the
cover plate and through the flange. It had extended 16 in. (406 mm) up into the web
before it was detected. Subsequent inspection revealed the presence of numerous
smaller cracks at the cover plate ends at several locations in the bridge.

The ministry has a number of bridges under its jurisdication similar in construction
to and built about the same time (1958) as the Yellow Mill Pond Viaduct. One of them,
the Leslie Street overpass, is located on the Toronto Bypass.

The Toronto Bypass is a 12-lane artery (three core and three collector lanes in both
directions) which carries 146,000 ADT (at Leslie Street), of which an estimated 13.5
percent is commercial. These figures are comparable to those obtained at the Yellow
Mill Pond Viaduct (7).

The Ontario Highway Traffic Act, which controls heavy commercial vehicles in the
province, permits gross vehicle weights far in excess of those in Connecticut. Five-
axle tractor and semi-trailer (3S-2) combinations can carry 84,000 1b (38 000 kg) if
they are conventionally constructed and 93,000 Ib (42 000 kg) if they are designed in
accordance with the provisions of the Ontario bridge formula (1971). In addition, eight-
axle vehicle trains and five-axle special permit vehicles (usually floats transporting
construction equipment) can have as much as 140,000 1b (64 000 kg) gross weight. The
comparable maximum vehicle weight in Connecticut is 73,000 1b (33 000 kg).

The core section of the Leslie Street overpass consists of six simply supported spans
of various lengths. The cover plates are fastened to the flanges by intermittent welds
of questionable quality, which would make this structure most susceptible to fatigue
cracking. [A 5,000-psi (34.47 MPa) limit for allowable range of stress F,, over
2,000,000 cycles is suggested (6).] The purpose of the investigation was to establish
stress-range frequencies at various points of the superstructure and to predict expected
service life of the bridge with available laboratory test data.

Publication of this paper sponsored by Committee on Dynamics and Field Testing of Bridges.
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Figure 1. Schematic of test site.
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Table 1. Girder and cover plate geometry.

Bearing, Cover Plate
Center-to-
Span Center Length ~ Width  Thickness
Number Distance (ft) Beam Size (ft) (in.) (in.)
1, 2, 3 620 36WF230 27.5 14.0 0.375
4, 6 46.6 36WF150 14.5 10.0 0.375
5 65.5 36WF230 34.5 14.0 0.625

Note: 1 in.=25.4 mm; 1 ft = 0.3048 066 m.

Figure 2. Welding details on Leslie Street overpass. Figure 3. Load-testing vehicle.

Figure 4. Deflectometer. Table 2. Placement of deflectometers
(phase 1).
Station Span Beam  Position on Beam
1 5 11 East end of cover plate
2 5 11 Midspan
3 5 11 West end of cover plate
4 5 3 Midspan
5 5 2 Midspan
6 6 3 Midspan
7 e = =
8 6 1 East end of cover plate
9 6 1 West end of cover plate
10 5 1 East end of cover plate
11 5 1 West end of cover plate
Table 3. Deflections during test vehicle runs.
Deflection (in.) at Station
Run 1 2 3 4 5 6 i 8 9 10 11
1 0.10 0.08 0.08 -— - - — - s . =
2 0.24 0.23 020 - — - - — s -
3 0.20 0.19 0.17 -— - - - - - - -
4 - - - 0.17 030 0.07 -— 0.12 0.16 0.22 0.29
5 - - - 0.33 031 0.18 — 0.06 0.06 0.11 0.13
6 - - - 0.21 0.13 0.08 — - - 0.06 0.07
T - - - 0.12 0.24 0.08 - 0.11 0.14 0.16 0.22
8 - - - 0.23 0.21 0.17 - 0.4 0.04 0.08 0.08
9 - - - 0.13 0.06 0.08 -~ - - 0.02 0.02

Note: 1in.=25.4 mm.
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This report describes the equipment used to acquire data and the methods of reducing
the data to produce the required frequency distribution. An attempt has been made to
apply Miner's hypothesis to predict the service life of the bridge.

TEST SITE

The skewed bridge decks that were of interest in this test program are at the western
end of the Leslie Street overpass. Figure 1 shows the six core lanes and the three
eastbound collector lanes.

In the core area, which was built in 1958, each span of the structure is simply sup-
ported with the beam ends resting on neoprene bearings. There are six spans includ-
ing number 1 at the extreme western end. There are three different span lengths and
various girder sizes and bottom flange cover plate geometries. The combinations are
given in Table 1.

Across the width of the core area there are 13 girders measuring 9 ft, 2 in. (2.79 m)
from center to center. For this test program, the girders were designated 0, 1, 2,...,
10, 11, and 0' from south to north. The 0 and 0' girders were changed when the addi-
tional six collector lanes were constructed in 1965. These no longer have a welded
cover plate detail and so were not considered in the measurement scheme.

Although it was believed that the welded cover plate details would be fatigue-sensitive,
it was decided that a direct comparison of the stresses in another type of structure
would be quite useful. The collector lanes are supported by continuous girders where
the stress history in one span can be significantly influenced by a load in another. For
this part of the investigation, the eight girders supporting the eastbound collector lanes
on the bridge were designated A, B, ..., and H from north to south. Figure 1 shows all
girder designations and cross sections of the superstructure in the test site.

PILOT TESTS FOR SELECTING CRITICAL LOCATIONS

All of the core lane girders in spans 1to 6 except 0 and 0" contained the welded cover
plate detail. The cover plates were not welded continuously but in a series of inter-
mittent welds as shown in Figure 2. Because a comprehensive method of analysis was
lacking at the outset of the investigation, the static and dynamic live-load stresses were
not known for the individual girders or along the length of each girder. Thus, thecritical
fatigue stress regions could not be determined a priori. To determine the most highly
stressed locations, a two-phase preliminary deflection survey was initiated.

Phase 1

Phase 1was carried out with the ministry's structural research test vehicle (Fig. 3)
loaded to a gross weight of 112,000 1b (50 000 kg). During this pilot test, the core lanes
were closed to normal traffic and the bridge was traversed by the test vehicle that
traveled in different lanes at two different speeds.

The deflectometers used consist of a thin wire rope firmly attached to the girder at
one end and to the measuring head at the other end (Fig. 4). The measuring head is a
metal tripod that rests on the ground and is connected to the wire rope through a strain-
gauged cantilever. Tension in the rope is maintained with a brass weight. The deflec~
tion of the structure is then proportional to the measured strain of the centilever and
can be calibrated.

The eastbound approach to the bridge is downhill and is somewhat rougher than the
westbound; thus, most of the deflectometers were distributed on the girders of the east-
bound core lanes. For comparison, however, three were placed under the westbound
lanes. The distribution of deflectometers is given in Table 2.

Maximum deflection at each station as read from the calibrated oscillogram for each
run is given in Table 3, which reveals several important facts:

1. There is little effect on the structure of the eastbound lanes by westbound traffic
and vice versa.

2. The eastbound lane structure tends to deflect more than the westbound lane under
nominally similar dynamic conditions. This phenomenon is believed to be associated
with the difference in surface roughness.
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3. As expected, girder 1 in spans 5 and 6 deflected most when the test vehicle was
in the most southerly lane (runs 4 and 7, stations 8, 9, 10, and 11) because this girder
is located under the right edge of the driving lane. Girder 2 is between the two right-
hand lanes and, therefore, experiences equal deflection (station 5, runs 4, 5, 7, and 8).
Girder 3 is under the middle lane and experiences the greatest deflection for middle-
lane traffic (runs 5 and 8, stations 4 and 6).

From these considerations it was concluded that girder 2 is likely to be the most fre-
quently and highly stressed of all the girders because it is located beneath the two right-
hand eastbound lanes, which usually carry 98 percent of the heavy vehicles,

Phase 2

The second phase consisted of a continuous 2-hour monitoring of girder deflections
caused by normal traffic flow. For this survey, the deflectometers were moved to new
locations to concentrate on those girders that were discovered to be most active in
phase 1. Three deflectometers were placed on the collector lane structure toqualita-
tively assess the difference in behavior between the two types of construction. The
distribution of deflectometers for phase 2 is given in Table 4.

Results from the continuous monitoring confirmed an earlier observation that girder
2 experiences the most severe stressing. Figure 5 shows typical time histories (histo-
grams) of the deflections measured during heavy vehicle passage in (a) core lanes
where the maximum deflection occurs at station 5 and is about 0.164 in. (4.17 mm) and
deflection at station 2 is almost as great with 0.156 in. (3.96 mm) and (b) collector lanes,
which are continuous girder structures (as opposed to simply supported girders). There
is an obvious coupling across the supports shown by the out-of-phase displacements of
spans 5 and 6. Table 5 gives the maximum normal road traffic displacement measured
at each station.

Girder 2 was expected to experience the most severe stress history. An approxi-
mate calculation of stress from deflections indicated that span 6 was expected to result
in values about as high as those for spans 1 and 2, and, therefore, it was decided to in-
vestigate and monitor the three spans by using strain gauges and a magnetic tape re-~
corder.

Twenty locations in the core lane structure and four on the collector girders were
instrumented (Fig. 1). Not all of these were needed for the stress measurements;
however some duplication was necessary to cover for the eventuality of gauge failures
and also to allow for the possible investigation of spatial anomalies that might arise
during testing.

Each strain gauge station was identified by a three-character alpha-numeric code.
The first is a number designating the span. The second designates the beam and can
be a number (core lanes) or a letter (collector lanes). The third is the number 1, 2, or
3 and defines the location on the beam. Number 1 designates midspan or the point of
highest bending moment. Number 2 designates a station on the cover plate a few inches
from its end. Number 3 designates a position on the base material 4 in. (101.6 mm)
from the end of the cover plate. Table 6 gives all strain gauge stations.

STRAIN GAUGE INSTRUMENTATION AND TECHNIQUES

Strain gauges used in the instrumentation were Micro-Measurement's EA-06-250-
TG-350. The adhesive used was Micro-Measurement's AE-10, and the waterproofing
compound was Automation Industries' GW-5.

The strain gauges were initially bonded with AE-10 to a 4-in.-wide (102 mm) strip
of carrier material (Dupont Polymide Kapton 200H), which had been previously abraded.
The gauges were wired in the full bridge configuration (Fig. 7) and waterproofed by a
layer of GW-5 approximately /s in. (3.18 mm) thick. These patches were trimmed to
3 by 3 in. (76 by 76 mm) and installed at previously described locations on the steel
girders with AE-10 adhesive, pressure pads, and heat lamps as shown in Figure 6,

A six-lead-wire system was used with two wires each for excitation, signal, and shunt
calibration (Fig. 7).



Table 4. Placement of deflectometers {phase 2).
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Table 5. Maximum deflections during
2-hour normal traffic period.

Maximum Maximum
Deflection Deflection

Station  (in.) Station  (in.)
1 0.266 7 -
2 0.295 8 0.246
3 0.276 9 0.158
4 0.197 10 0.207
5 0.325 11 0.276
6 0
Note: 1in.= 254 mm,
Table 6. Strain gauge
stations.
Span 1 Span 5 Span 6
121 511 611
122 521 621
123 522 622
131 523 623

531 631

532 632

533 633

541 641

5E1 6E1

5E3 6E3
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Figure 5. Typical road traffic girder deflections.
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The excitation, signal conditioning, and amplification for the strain gauge bridges
were supplied from an Endevco system, and the resulting signals were recorded on a
seven-channel Philips Anal-Log 7 tape recorder. Calibration and zero balance adjust-
ments were made every 12 hours during recording. The Endevco system has provision
for inserting shunt calibration resistors. Suitable resistors were inserted to give
calibrations of 200, 100, and 50 pin./in. (41.37, 20.68, and 10.34 MPa).

The required values of calibration resistor are calculated from the formula

Calibration resistance = (gauge resistance) X

106 ]-1 1)
[ gauge factor X microstrain x A

where A is a bridge gain of 2.6 for the full bridge configuration used.

The resistors used were Welwyn type M22D (temperature coefficient of 100 parts per
million) and had values of 316,634 and 1270 kQ to give the required calibrations of 200,
100, and 50 + 1 percent in all cases.

SYSTEM TEST

Before magnetic tape recordings were begun, the strain gauge bridges were tested
again with the oscillograph. A continuous recording for 1 hour was taken for each of
the 24 strain gauge stations. It was found that all 24 installations were functioning
satisfactorily and that each channel yielded an electronically clean and useful signal.

It was decided from the preliminary deflection tests that a 200-uin./in. strain or 6,000
psi (41.37 MPa) was the maximum to be expected and that this should be used as both a
maximum calibration value and a full scale for the recordings. The system test con-
firmed this assumption.

STRAINS FROM PASSAGE OF A VEHICLE OF KNOWN WEIGHT

The test vehicle with a gross weight of approximately 84,000 lb (38.8 tons) was
driven in normal traffic. (No attempt was made to identify the nature and distribution
of commercial traffic; for obvious reasons the Toronto Bypass does not readily lend
itself to such an enterprise.) The vehicle's passing time was synchronized with the tape
recorder by means of a three-way radio communication. Use of the tape recorder
enabled the data to be analyzed later. A total of 18 vehicle passes or runs were made.

Table 7 gives the maximum strains experienced by the bridge structure during the
vehicle passage for the core lanes, and Table 8 gives those for the collector lanes.

The tabulated strains are estimated to be accurate to within approximately +5 pin./
in. or 150 psi (1.03 MPa), which allows for equipment error and manual trace interpre-
tation. In all cases, a positive strain is tensile and a negative one compressive. The
values given in Tables 9 and 10 are strictly maxima and do not give any indication of
variation with time.

Figure 8 shows the core lane strain histories of stations 123 and 623 forrun 8. These
traces are typical of the core lane strains recorded during normal traffic flow. In
some cases a slight vibratory motion was apparently induced. The preliminary study
had indicated that the high-speed passes tended to yield higher deflections than the
pseudostatic passes. This trend was much reduced in the strain measurements. There
appeared to be little forced vibration except for the thump effect caused by the rough
approach. This effect did not vary appreciably within the speed range observed.

Figure 9 shows typical strain histories for the collector lane structure. The strain
gauges located on the thinned-down portion of the flange show tensile and compressive
peaks in sequence. This reflects the interspan influence made possible by the con-
tinuous nature of the girders over the supports.

As in the core structure, the effect of vehicle velocity on vibration was minimal,
which indicates the absence of significant forced responses. Nevertheless, the con-
tinuous structure seemed to indicate higher dynamic responses than the comparable
simply supported ones that carried the core lanes.
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Figure 7. Strain gauge wiring.
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Table 7. Peak strains during passage of test Table 8. Peak strains during passage of test
vehicle (core lanes). vehicle (collector lanes).
Measured Strain (gin./in.) for Station Measured Strain (sin./in.) for
Run Station
Number 123 121 523 521 531 623 621 Run
Number 5E3 5E1 6E1 6E3
2 85 69 55 57 33 59 54
4 76 58 58 54 54 54 53 13 15 -19 -18 -19
6 21 21 20 2 35 21 18 -12 21
8 85 82 48 67 37 45 60 14 67 -64 -81 -1
10 72 57 50 54 60 84 68 -49 100
12 30 30 31 32 53 28 22 15 40 -39 -49 -51
-30 55
Note: 1 pin/in. = 0.2068 MPa. 16 16 -22 -28 -32
-15 29
17 69 -78 -87 -85
-64 117
18 38 -41 -50 -59

-29 53




Figure 8. Test vehicle induced strains at two core lane structures {run 8, Table 8).
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CONTINUOUS STRAIN RECORDINGS

The continuous recording of strain began at the end of February 1972. Seven chan-
nels were recorded simultaneously. A calibration signal was recorded on each channel
at the beginning of each tape for about 1 min. This was repeated at the end of the tape.
All recording was carried out at the minimum recorder speed of ‘% ips (23.8 mm/s),
and this resulted in a 12-hour recording for each reel of tape. The highest frequency
expected in the signal was less than 5 Hz (Figs. 8 and 9), and the frequency response of
the tape recorder was quite adequate at that low speed. All recordings were made in
the FM mode because of the predominant low frequency of the signal.

For most of the recording session, the seven stations monitored had been found to
be most severely stressed in the preliminary and system test programs. Some record-
ings, however, were made with signals from other stations, which were combined into
groups 1 and 2.

It was decided to attempt to analyze data soon after recording and to reuse the tapes
so that the required inventory of magnetic tapes could be kept to a reasonable minimum
and recording continuity could be maintained. A comparison of data blocks showed that
the daily traffic patterns of the Toronto Bypass are homogeneous enough to consider all
data as coming from a single sample.

DATA ANALYSIS

From the preliminary tests and the playback of the continuous records, it became
apparent that the strain history was nonstationary. This precludes the more conven-
tional means of measurement and dictates a statistical analysis.

Several parameters, such as fluctuating and mean stresses, fabrication techniques,
and material, influence the fatigue life of structures. There is some indication that
mean stress plays a minor role in typical materials used for built-up bridge structures
that are loaded to fairly high stress levels (2). This may not be true with lower stress
levels and a large number of applications. The effect of alternating stress is quite well
understood for constant strain or stress fluctuations that are sinusoidal in waveform.

If the time history is random in nature, stationary, and narrow banded, then the fatigue
characteristics are more complex. The primary parameter, however, is the stress
root-mean-squares (e.g., 3). As the bandwidth increases there is some indication that
the statistical properties of the rises and falls (i.e., the magnitude of the difference be-
tween a maximum and the previous or succeeding minimum) govern fatigue character-
istics (4).

Because the girder strain histories were neither sinusoidal nor stationary, a simple
frequency-amplitude relationship could not be found. Therefore, calculation of the
statistics of the amplitude, the maxima (peaks and troughs), and the excursion (rises
and falls) would be necessary for a fatigue life assessment.

The University of Toronto computer research facility contains an eight-channel A-D
interface to its IBM 360/44 digital computer. The digitizing rate is at an adequate level
of 20,000 per second total for all channels. The rate chosen for the analysis was 1,250
per second per channel, Figure 10 shows an oscillograph trace at low and high paper
speeds of a typical vehicle passage. A sample rate of 1,250 per second on data analysis
is equal to approximately 40 per second in real time. In the lower part of Figure 10,
this rate corresponds to one sample per division on the time scale, and this.can be seen
to give excellent resolutions or signal reproduction.

When each reel of analog tape had been digitized, it was analyzed with the IBM
360/44. The analysis consisted of several steps, which are shown in Figure 11. The
data, as read by the computer, were not normalized. The calibration level and signal
zero for each channel at the beginning of each tape were evaluated manually with a
digital voltmeter, and these were used as input in the analysis program as initial nor-
malizing values.

The calibration signal was rechecked at the end of each reel. In all cases it was
unchanged. The signal zero, however, did change at times, which was felt to be due to
(a) electronic drift, (b) temperature effects in the bridge, and (c) static load change
caused, for example, by an accumulation of snow and debris on the deck during the winter.
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The signal zero used to compensate for these effects in normalizing was continuously
updated by using the average of near zero samples. A samplewas arbitrarily eliminated
from the main statistical analysis if it fell between -5 and +5 gin./in (1.03 MPa) when
normalized by the current factors. The mean and standard deviation of these samples
were calculated as a safeguard against malfunction.

All nonzero samples, peaks, troughs, rises, and falls were tabulated by class in
5-pin./in. (1.03 MPa) increments. The mean and standard deviations for each quantity
were also calculated.

The computer output on analysis consisted of one table for each channel that gave a
class by class breakdown of the various statistics and a summary page listing the total
counts and calculated statistics. Figure 12 shows the definition of various terms of
reference used in the statistical analysis.

EXPERIMENTAL RESULTS AND DISCUSSION

The first 24 hours of recording were of group 1 stations 121, 123, 521, 523, 531, 621,
and 623. All seven channels were analyzed for a direct comparison between stations.
The next 24 hours of recording were of group 2 locations, and again all seven were
analyzed.

Figure 13 is a typical amplitude plot for group 1 stations during one 12-hour period.
A comparison between stations revealed that station 123 was highest; 121 was next.
Stations 521 and 621 were almost identical and were lower than 121.

A comparison between group 2 stations revealed that 511 was almost equal to 121 and
that all the others were considerably lower. On the basis of these comparisons, it was
decided for the remainder of the analysis to concentrate on 123, 521, and 621 as being
representative of the most highly stressed locations.

Design stress values were calculated for station 123. Note that the core structure
was designed as noncomposite; however, the channel type of shear connectors were pro-
vided, and the structure is believed to behave as at least partially composite for live
loads. Bottom fiber stresses determined by using AASHTO specifications are (a)
dead load—"7.67 ksi or 256 uin./in. (53.9 MPa), (b) live load (noncomposite)—10.67 ksi
or 356 pin./in. (73.5 MPa), and (c) live load (composite)—8.24 ksi or 275 pin./in. (56.9
MPa).

One can observe later that, assuming composite action, the maximum observed stress
does not exceed 50 percent design live-load stress. This situation is believed to be
common in all girder types of bridges designed in accordance with the AASHTO specifi-
cations and not particular to this structure.

The overall average number of samples in each 5-gin./in. (1.03 MPa) amplitude
range per hour for stations 123 and 621 are shown in Figures 14 and 15. These are
based on 133.63 hours of data, which is less than the total recorded.

The data (Figs. 14 and 15) are not true probability values because they have not been
normalized. To find probability, one must divide by the total number of samples per
hour (e.g., 1,250 x 3,600/32). This, however, results in extremely low probabilities in
all regions except amplitudes near zero and is a valid situation because most of the
time the strain values are near zero. For more meaning, the probability should be ex-
pressed interms of a sample falling in a given range during the passage of a heavy vehicle.
This is a complex joint probability because it involves the distribution of vehicles with
time, the weight distribution with vehicles, and random lateral positioning of the vehicles.

A simpler, more intuitive approach can be used if it is assumed that the amplitude
distribution is made up of samples from two populations (Fig. 16). One set of values
is very narrow in the amplitude direction but contains a great many samples. This
implicitly takes account of electronic noise plus the passage of passenger cars and light
commercial vehicles. The other population is interesting for fatigue life assessment
because it gives the probability of having a given strain amplitude during the passage
of a heavy vehicle.

An approximation to this ideal approach implied the arbitrary rejection of data in the
-5 to +5 amplitude range. The normalizing factor is then the total number of samples
considered, and this results in a probability density curve that is displaced vertically
but that is otherwise identical in shape to the amplitude distribution curve (Fig. 13).
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Figure 14. Strain amplitude distribution
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The distributions of maxima (peaks) and minima (troughs) per hour for station 123
are shown in Figures 17 and 18. As in the case of the amplitude distributions, these
are not probability curves and the same considerations apply.

The distributions of excursions with amplitude are shown in Figures 19 and 20. The
average hourly number of rises and falls of a given amplitude are shown, and these are
almost identical to the individual quantities.

In addition to the distributions of amplitudes, extrema, and excursions, the mean and
root-mean-square values are necessary for an assessment of the fatigue life. These
quantities can be calculated from the distribution in the following manner: Let a, be the
amplitude of the ith sample of the variable being considered and N be the total number
of samples. Then the mean value is

ENa4 L

and the root-mean-square is

Dz

N

These quantities are given in Table 9 for the strain amplitude and excursions for the
three critical locations.

The stress levels for the fatigue tests in Fisher et al. (2) for partial length cover
plates were those on the bottom of the tension flange on the base metal at the end of
the cover plate. This is exactly the configuration for station 123 in the present investi-
gation, and, therefore, a direct comparison should be possible. However, the mini-
mum stress range used in testing (2) was 6,000 psi (41.37 MPa), and this resulted in
a life of some 7 X 10° cycles. Figure 17 shows that a stress peak of 125 pin./in. or
3,750 psi (25.85 MPa) can be expected at station 123 about once every 10 hours. A pair
of excurgions of that amnlitude is expected ahout once every 24 hours (Fig. 19).

With the length of sample taken for this investigation, it is felt that the statistics are
reliable to levels of extrema and excursions occurring once in 10 hours with reasonable
extrapolation to once in 100 hours. As indicated above, however, even at these low
levels of expectation, the measured stresses are lower than the minimum values used
in other tests (g). Because of this large difference in level and of the additional
major dissimilarity in waveform between the measured stresses of the Leslie Street
overpass and the reported fatigue tests, a reliable quantitative prediction of fatigue life
cannot be obtained. Nevertheless an attempt was made to estimate the expected fatigue
life of the core lane structure by using Miner's hypothesis.

APPLICATION OF MINER'S HYPOTHESIS

Miner's hypothesis was used to evaluate the effect of cyclic stressing of a random
nature on metals., It is postulated by the following equation:

B
T, § <10
where
i = index for stress range,
n, = number of expected cycles of stress range S,, and
N, = number of cycles of stress range S, so as to cause fatigue failure as established

by laboratory testing.

As a part of this investigation, the intermittent welds were exposed by sandblasting
and later were inspected at many locations selected at random. No signs of fatigue
cracks were found at any of these locations. This, inadditiontothe generally low stress
levels observed, seems to indicate that the Leslie Street bridge is by no means acritical
case and no great harm can be done by applying the hypothesis to the available data.



Figure 16. Schematic example of addition of
overlapping distribution.
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Figure 18. Distribution of average number

of maxima per hour at station 521. r‘
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Figure 20. Distribution of average number of rises and falls
per hour at station 521.
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Table 9. Calculated mean and rms strains.
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Figure 21. Mean fatigue strength and 95 percent
confidence limits for rolled, welded, and cover-plated
beams.
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Strain Amplitude Excursions

{pin./in.) (pin./in.)
Position Mean RMS Mean RMS
123 18.6 17.4 18.5 17.5
521 16.4 14.9 17.0 15.1
621 16.4 14.0 18.1 16.2

Table 10. Evaluation of

data.
Expected Life
Location (years)
123 302
521 492
621 557
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For this application the representative lower bound S; - N; curve (95 percent confi-
dence limit for 95 percent survivals, 2) was used (Fig. 21). The equation is

log S, = 2.95161 - 0.32671 log N,

or

894,563 %6082

where S, is given in ksi.

All data for this relationship were obtained for stress levels higher than 6,000 psi
(41.37 MPa) and had to be extrapolated for the 0 to 4,000 psi (0 to 27.57 MPa). The
validity of this extrapolation is questionable. Table 10 gives a summary of the evalua-
tion based on 6-day weeks on a year-round basis.

If one accepts these figures for the expected life only as indicative, the margin of
safety against fatigue failure still appears to be excessive. The discrepancy originates
from the fact that the fatigue consideration is applied to the design live-load stress
(AASHTO specifications). When one reviews the available stress history data gathered
by various agencies during the past few years, it becomes evident that in reality either
design stress does not occur at all or it occurs with such a low frequency that the de-
velopment of any fatigue situation is precluded. The phenomenon is associated with the
low probability of the simultaneous, multiple presence of vehicles on a structure. Be-
cause the problem is statistical in nature, its recognition appears to be in conflict with
the prevailing concept used in fatigue consideration of highway bridges.
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BRIDGE FATIGUE DUE TO DAILY TRAFFIC

Conrad P. Heins, Jr., Department of Civil Engineering, University of Maryland; and
C. F. Galambos, Federal Highway Administration

This paper presents a summary of loading history studies that have been
conducted on girder-slab bridge structures. Characteristics of thebridges,
bridge locations, and loadings are examined to present uniform code cri-
teria. A technique that considers random load application is presented for
possible design consideration. The method incorporates distribution of
truck type, location of road, simple and continuous spans, and probable
induced field stresses.

®DURING the past 5 years, various universities and state and federal highway agencies
(1,2,3,4,5,6,7,8,9, 10) have conducted cooperative field studies to determine the load-
ing history of bridge structures. These tests have provided information on the magni-
tude of induced bridge girder stresses and the vehicles that induce these stresses.

A thorough study of these data shows that the induced live-load stress ranges are
low (1.0 to 3.0 ksi) in comparison with the design live-load stresses. This then suggests
that the present fatigue design criteria may be too restrictive and some revision might
be in order. The design guides also should account for the characteristics of the actual
vehicles that traverse the bridges, as well as the random nature of the loads.

Therefore, it is the intention of this paper to present one possible method of fatigue
design that does consider random load characteristics and actual induced stresses.

VEHICLE CHARACTERISTICS

During the various load history tests, classification counts were made of truck types
crossing a bridge structure. If the structure was near a weighing or loadometer sta-
tion, the gross weight, weight distribution, and axle spacings of the vehicles were also
obtained. Data collected during the bridge tests in Alabama (1), Connecticut (2), Min-
nesota (3), Maryland (4, 5, 6, 7, 8), Michigan (9), and Virginia (10) are given in Tables

The percentage of distribution of trucks for the various bridge tests is given in
Table 1. The classifications are based on five truck types (Fig. 1). Although some
reports list other truck types, most can be categorized under these five classes. Table
1 also gives the type of road system associated with each test. These data suggest
that road systems can be divided into three classifications: metropolitan, urban, and
rural. An average of the data for these classifications is given in Table 2. This dis-
tribution would then be used, instead of more reliable data, for fatigue analysis.

Table 3 gives the mean gross weights for five truck types and bridge tests. The
ranges in gross weights are used to tabulate induced girder moments for each truck
type.
Table 4 gives the percentage of the total load distributed to each axle for the various
truck types. Only the tests conducted in Maryland and Connecticut provided such in-
formation. The average of these values will be used for describing typical vehicles.

Table 5 gives the average spacing between axles for the various truck types. Data
were obtained from tests conducted in Virginia, Maryland, and Connecticut.

By using the resulting data from Tables 4 and 5, one can develop typical trucks

Publication of this paper sponsored by Committee on Dynamics and Field Testing of Bridges.
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Table 1. Percentage of distribution of trucks by test site. Table 2. Percentage of distribution of
trucks by road type.

Total Road Type
Truck Type Trucks 'I'ruck
per 24 Type Metropolitan  Urban Rural
Test Site 2D 3 28-1 28-2 35-2 Hours Classification*
2D 35.0 13.0 21.0
Ala. 1 26.3 14.3 4.4 21.2 32.8 570 Rural, S 3 23.0 3.0 6.0
Ala. 2 23.2 5.3 3.3 15.4 52.8 1,090 Rural, 1 28-1 6.0 10.0 7.0
Conn. 20.4 3.4 3.95 30.9 41.7 5,416 Urban, I 28-2 11.0 30.0 25.0
Minn. 31.0 27.1 2.5 5.8 33.6 2,551 Metropolitan, I 3s-2 25.0 44.0 41.0
Md. 1 17.2 1.3 7.9 29.0 44.6 782 Rural, I
Md. 2 15.3 1.5 7.2 30.0 46.0 940 Rural, I
Md. 3 38.1 19.6 89 156 17.8 1,528 Metropolitan, I
Md. 4 19.8 5.9 6.7 21.3 46.3 1,468 Rural, S
Md. § 26.8 6.2 5.6 20.8 40.6 542 Rural, S
Md. 6 27 11 5 18 39 925 Rural, S
Mich. 1 15 2.1 16.8 43.6 22.5 600 Rural, S
Mich. 5 11.9 2.2 17.5 34.6 33.8 690 Urban, S
Mich. 7 12.9 7.5 17.1. 30.7 31.8 972 Urban, S
Va. 1 9.3 1.4 7.4 29.7 52.2 1,430 Urban, I
Va. 2 10.9 1.0 5.6 18.9 63.7 870 Urban, I
S = state route, and | = Interstate.
Figure 1. Truck types. Gross Weight 25% 75%
Range - kips C\ ’F)
5 § GW < 50 15.0' 2D
25% 37.5% 37.5%
.y £ ¥ o
L/ p ey N
10 < GW < B0 13.0' 4,0' 3
20% 40% 40%
@ ®
v L/
10 < GW < 90 31.5b* 27.0° 281
10% 40% 25%  25%
o o
O 7 7 h
10 < GW < 100 11.5' 24.0' 4.0' 282
20% 20% 20% 20%  20%
G N oD tj
Ay S N
20 < GW < 120 11.5" 4.0' 22.0' 4,0' | 382
Table 3. Vehlcla.gr_oss weight Truck Type
and standard deviation. ;
Item 2D 3 28-1 28-2 3s-2
Test site
Va.
Mean G 13.1 22.4 29.7 38.5 54.9
] 5.51 9.91 15.93 9.86 13.96
Mich.
R : Mean G 15.0 B 36.6 37.0 48,7
S 5.0 - 9.7 13.0 13.7
Md. 1
Mean G 14.7 32.4 31.4 43.2 56.6
S 6.32 12.89 9.67 15.19 19.79
Md. 2
Mean G 13.0 48.0 29.8 38.0 53.0
S - -_— - - —
Conn.
Mean G 15.7 38.4 54.7 45.8 48.2
s = - ~= - =
Average
Mean G 14.3 35.3 36.1 40.5 52.3
S 5.6 11.4 11.8 12.7 15.8
Range 3G =255 12 <G = 58.1 12 £ G = 59.7 15 s G < 65.9 21 <G < 83.9

Note: G = gross weight, kips; and S = standard deviation.
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(Fig. 1). This is necessary to determine probable induced girder moments caused by
the five truck types.

SIMPLE SPAN STUDY
Relation of Induced to Design Maximum Moments

To relate the probable induced stresses from various truck types to the design
stresses, relationships between induced maximum moments (M) and AASHTO live-
load design maximum moments (M,) have been calculated and tabulated. These values
are given in Table 6 as a ratio of M/M, for various truck types and the corresponding
range in gross weights for the typical truck types. The length of spans ranges from
40.0 to 140.0 ft.

Reduction Factor

As noted previously, the observed stresses during the field tests were less than the
design live-load stress. This is partly because of the truck types that induce these
stresses as opposed to the standard AASHTO HS-20-44 truck and partly because of
differences in load distribution, material properties, and the unaccounted-for contri-
butions of automobiles and parapets. With this observation in mind, a study was con-
ducted (11) to relate vehicle characteristics to corresponding induced stresses and
bridge stiffness. The results of this study provided the following general equation:

(£ diont = S—/lii—

where

(f:)west = Observed induced stress range at (a) centerline of the girder and (b) off the
end of the cover plate,
G = vehicle gross weight,
S = girder section modulus,
L = span length in feet, and
A, B = constants obtained from linear regression analysis.

Centerline of Girder—A relationship between the induced stresses and design
stresses for the centerline of the girder can be given by the following equation:

fse _ A+ B(G) s @)
faesign S/12L M(5i5)(1 +1

where

M = calculated absolute maximum moment caused by a set of wheel loads of an
_ AASHTO truck,
/5.5 = distribution factor,

S = girder spacing, and

I =impact factor = (L_SOI_TS)

The AASHTO moment can be computed by M = (108L - 1,680) kip-in., where L = feet.

Defining fiﬂ = F and substituting in the M equation gives
esign

(A + B(@)] 12L (3)

F - L.
(108L - 1,680)(5—%)(1 + 1

Assuming that several trucks can occur on the bridge at the same time during the field




= Table 4. Percentage

- - « . Axle
of weight distribution
by axle. A B C Average
Truck
Type Md. Conn. Md. Conn. Md. Conn. A B C
2D 25 41 75 59 - - 33 67 -
3 25 33 75 67 - - 29 1 -
28-1 20 27 40 40 40 a3 24 40 36
25-2 10 19 40 36 50 45 14 38 48
38-2 20 18 40 42 40 40 19 41 40
Table 5. _Vehucle Span
axle spacing.
AtoB BtoC Average
Truck -
Type Va. Md. Conn. Va. Md. Conn. AtoB Bto C
2D 14 18 15.7 - - - 15.2 -~
3 14 18 19.1 — - - (13 + 4) or 17.0 -
28-1 11.0 12 11.8 29.0 28.0 23.9 11.6 27
28-2 11.0 12 12.1 27.0 28.0 28.7 11.7 (24 + 3.9) or 27.9
38-2 12.0 12 11.1 30.0 30.0 33.3 11.7 (4.1 + 22 + 4) or 30.1
Taf)le 6. M/M, _for Gross Length (tt)
asimple span bridge.  Truck  Weight
Type (kips) 40 60 80 100 120 140
2D 20 0.365 0.327 0.312 0.304 0.299 0.296
40 0.730 0.654 0.624 0.608 0.598 0.591
60 1.096 0.981 0.936 0.912 0.897 0.887
80 1.461 1.308 1.248 1.216 1.196 1.183
3 20 0.340 0.313 0.303 0.297 0.293 0.291
40 0.680 0.627 0.606 0.594 0.587 0.582
60 1.020 0.940 0.908 0.891 0.880 0.873
a0 1.280 1,254 1.211 1,188 1,174 1,164
25-1 15 0.164 0.163 0.176 0.183 0.188 0.191
30 0.327 0.326 0.352 0.367 0.376 0.382
45 0.491 0.488 0.528 0.550 0.564 0.573
60 0.654 0.651 0.704 0.734 0.752 0.765
75 0.818 0.814 0.881 0.917 0.940 0.956
90 0.982 0.977 1.057 1.100 1.128 1.147
25-2 20 0.201 g.212 g.230 0.240 0.247 0.251
40 0.401 0.424 0.460 0.480 0.493 0.503
60 0.602 0.636 0.690 0.720 0.740 0.754
80 0.803 0.847 0.919 0.960 0.987 1,008
100 1.003 1.059 1.149 1.200 1.234 1.257
35-2 20 0.199 0.208 0.229 0.241 0.248 0.252
40 0.398 0.416 0.459 0.481 0.495 0.505
60 0.597 0.624 0.688 0.722 0.743 0.757
80 0.796 0.831 0.917 0.962 0.991 1.010
100 0.995 1.040 1.146 1.203 1.238 1.262
120 1.193 1.248 1.375 1.443 1.486 1.515
Table 7. Simple span reduction factor for F-truck Table 8. Simple span reduction factor for F-truck types 28-1,
types 2D and 3 at center span. 28-2, and 3S-2 at center spar:.
Gross Weight (kips) Gross Weight (kips)
Length Length
(t) 10 20 40 60 80 (ft) 20 40 60 80 100 120
40 0.0714  0.1171  0.2087  0.3002  0.3917 40 0.0989  0.1512  0.2035  0.2558  0.3081  0.3604
60 0.0604  0.0991  0.1766  0.2541  9.3315 60 0.0837  0.1279  0.1722  0.2164  0.2607  0.3050
80 0.0567  0.0931  0.1658  0.2386  0.3113 80 0.0786  0.1201  0.1617  0.2033  0.2448  0.2864
100 0.0551  0.0938  0.1610  0.2316  0.3022 100 0.0763  0.1166  0.1570  0.1973  0.2377  0.2780
120 0.0542  0.0890  0.1586  0.2281  0.2977 120 0.0713  0.1149  0.1546  0.1943  0.2341  0.2738

140 0.0538 0.0883 0.1573 0.2262 0.2952 140 0.0745 0.1139 0.1533 0.1928 0.2322 0.2718
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tests, the actual stresses are increased by (§/5.5), thus increasing the reduction factor
F, which gives

[A+B@IL (4)

50
(9L - 140) (1 +L—+12—5)

F =

The coefficients A and B in Eq. 2 are obtained from an empirical equation, which
depends on the five truck types. A close examination of these five equations (12) indi-
cates that two equations can readily represent the response of the bridge to the five
truck types. The final equation for types 2D and 3 is

¥ = [0.1835 + 0.0328 ((5}3]L (5)
(QL - 140) (1 + m)

For truck types 28-1, 2S-2, and 3S5-2, the equation is

p - 10.3338 + 0.01874(G)IL (6)
- 50
(OL - 140)(1 - 5)

The reduction factor F (Eqs. 3 and 4) is given in Tables 7 and 8 for various span lengths
and gross weights. The factors give the ratios of the observed stresses to the design
stresses for simple span, composite girder-slab bridges.

Off End of Cover Plate—As described for the ratio of fie to fq,, at the centerline of
the structure, a similar ratio can be developed at the end of the cover plate:

Trost - A + B(G) X 2
faesion  §/(12L) M(5—SS) (1+1)

where

M = calculated moment at end of cover plate caused by a set of wheel loads of an
_ AASHTO truck,
S/5.5 = distribution factor,
S = girder spacing, and

I = impact factor = 'f+5—012'§)

The AASHTO moment is determined by M; kips = 16[(1 - N) (22) (1+N) - 7] 12 kip-in.

This equation was developed by positioning a set of wheel loads on an influence line di-
agram for moment at the cover plate of the beam shown in Figure 2. The equation for
moment only contains the effect of two wheels (P = 16 kips) spaced at 14.0 ft. The 4-kip
axle was assumed to be off the structure. As shown in Figure 3, the ratio of cover

plate length to span length (N) is compared to span length. The limiting value of N so
that the 4-kip axle remains on the girder is shown by the bound line. A plot of the data
for the test bridges is also given. As can be seen, most of the bridges fall beyond the
limiting N value; thus, the 4-kip load can be neglected. If the 4-kip load is to be in-
cluded, the additional moment is given by the following equation: M, kips = 12(1 + N)
[L(1 - N) - 28]kip-in., which can then be added to the previously defined M, kip equation.

Defining F = ff‘i and substituting in the M;6 kip equation into M of the general equa-

Hon g'ive design
(A + B(G)] 12L )

16 [(1 “N 2A+N) - 7] 12<§_§-)(1 +D

F =
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: TUpmem— Gross Weight (kips)

reduction factor for Length

F-truck types 2D and N (&) 10 20 40 60 80

3 at cover plate end. 0.50 40 0.0537  0.0954  0.1788  0.2623  0.3457
0.60 40 0.0618  0.1097  0.2057 0,3016  0.3975
0.70 40 0.0763  0.1355  0.2539  0.3724  0.4908
0.55 60 0.0534  0.0950  0.1780  0.2611  0.3441
0.60 60 0.0580 0.1030 0.1930 0.2830 0.3730
0.65 60 0.0639 0.1135 0.2128 0.3120 0.4112
0.65 80 0.0628 0.1116 0.2091 0.3067 0.4042
0.70 80 0.0707  0.1256  0.2355  0.3453  0.4551
0.75 80 0.0822  0.1460  0.2736  0,4012  0.5288
0.75 100 0.0818  0.1453  0.2724  0.3994  0.5265
0.80 100 0.0992  0.1762  0.3302  0.4843  0.6383
0.85 100 0.1284 0.2281 0.4274 0.6268 0.8262
0.80 120 0.0993  0.1764  0.3306  0.4847  0.6389
0.85 120 0.1286  0.2284  0.4280  0.6277  0.8273
0.90 120 0.1874  0.3330  0.6240  0.9151  1.2060

Table 10. Simple span
reduction factor for Leetigth

Gross Weight (kips)

F-truck types 2S8-1, N (ft) 20 40 60 80 100 120

3T 32t 0.50 40 0.0713  0.1223  0.1734  0.2244  0.2755  0.3265

cover plate end. 0.60 40 0.0819  0.1407 0.1994 0.2581  0.31868  0.3755
0.70 40 0.1012  0.1736  0.2461  0.3186  0.3911  0.4636
0.55 60 0.0708  0.1218  0.1726  0.2234  0.2742  0.3250
0.60 60 0.0769  0.1320  0.1870  0.2421  0.2972  0.3523
0.65 60 0.0848 01455  0.2062 0.2670  0.3277  0.3884
0.65 80 0.0833 01430  0.2027 0.2624  0.3221  0.3818
0.70 80 0.0938  0.1610  0.2282  0.2955  0.3627  0.4299
0.75 80 0.1090  0.1871  0.2652  0.3433  0.4214  0.4995
0.75 100 0.1085  0.1863  0.2640 0.3418  0.4195  0.4973
0.80 100 0.1316  0.2258  0.3201  0.4144  0.5086  0.6029
0.85 100 0.1703  0.2923  0.4143  0.5363  0.6583  0.7803
0.80 120 0.1317  0.2261  0.3204  0.4148  0.5091  0.6035
0.85 120 0.1705  0.2927  0.4149 0.5371  0.5493  0.7814
0.90 120 0.2486  0.4268  0.6049  0.7830 0.9612  1.1390
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Assume again that several trucks occur simultaneously on the bridge during the
field tests. 'This increases the stresses by an assumed amount of (§/5.5). The reduc-
tion factor is, therefore,

s IGEI 5 1\1)(22)[(‘1L : 1]\315(3-)]7]1(1 + L—a-@fﬁ) w

A and B in Eq. 5 were obtained from a study of loading history field data (ﬁ). Data
indicate that coefficients that represent the behavior of the five truck types can be re-
duced into two categories:

[0.0720 + 0.025(G)] L ®)
16[(1 - N)(ZE)(l +N) - 7](1 + L_+5°12_§)

for truck types 2D and 3, and

F =

N [0.1211 +0.0153(G)1 L
= L 50

for truck types 28-1, 28-2, and 38-2. The reduction factor F (Egs. 6 and 7) is given
in Tables 9 and 10 for various span lengths, fraction of cover plate length, and gross
weights.

F (10)

CONTINUOUS SPAN STUDY
M/M, Three-Span Structure

By using the typical trucks shown in Figure 1, the maximum moments induced by
these vehicles on a symmetrical two-span structure were determined. The moments
in question were located at the interior support (point 1) and the midspan (point 2) of a
two-span structure of length 2L. The values were then related to the AASHTO design
moments as R, (M/M, at interior support) and R. (M/M, at midspan). The gross
weights for these various truck types were assumed to be equal to the maximum values
and are (a) for 2D, 50.0 kips; (b) for 3, 80.0 kips; (c) for 28-1, 80.0 kips; (d) for 25-2,
100.0 kips; and (e) for 3S-2, 100.0 kips. The resulting ratios for the five truck types
are given in Table 11.

M/M, Three-Span Structure

By using a similar procedure to that for a two-span structure, critical moments
were evaluated in various three-span structures. The locations of the crilical moments
were selected at midspan of the end span (point 1, R,); interior support (point 2, Ra);
and midspan of the center span (point 3, Rs). M/M, of the induced moments for these
three points, according to the typical trucks and AASHTO loadings, are given in Tables
12 through 16 for the various truck types.

Tables 12 through 16 also give the various span lengths and the proportions of end
spans to the center span. The classification of gross weights of the vehicles was as-
sumed to be the same maximum values as those given previously.

DESIGN CRITERIA

In a general design of a bridge girder, fatigue analysis is performed after the sec-
tion has been determined according to static dead- and live-load stress conditions.
This fatigue analysis is based on a predetermined number of induced load applications
(i.e., 100,000, 500,000, or 2,000,000 cycles) at a maximum induced stress obtained
from the AASHTO truck loading. Itis probably unrealistic to penalize the structure
with absorption of these high stresses when it is known that the actual induced stresses



Table 11. M/M, for Spans (£t)
two-span bridge.

80 100 120 140
Truck
Type R: R R: R: R Ry R, R,
2D 0.474 0.812 0.412 0.785 0.364 0.768 0.325 0.757
3 0.757 1.248 0.658 1.218 0.581 1.198 0.520 1.185
28-1 0.652 0.919 0.600 0.956 0.545 0.981 0.4986 1.000
28-2 0.835 1.135 0.761 1.193 0.689 1.229 0.625 1.254
38-2 0.811 1.121 0.747 1.177 0.680 1.214 0.619 1.240
Table 12. M/Mj, for three-span bridge. Table 13. M/M, for three-span bridge, truck type 3.
Midspan Midspan
Truck Length Truck Length
Type (£t) N R Re Ra Type (£t) N R R: Ry
2D 80 0.6 0.872 0.709 0.825 3 80 0.6 1.313 1.132 1.257
80 0.8 0.814 0.554 0.819 80 0.8 1.249 0.883 1.251
80 1.0 0.785 0.537 0.814 80 1.0 1.216 0.857 1.247
100 0.6 0.824 0.623 0.795 100 0.6 1.261 0.995 1.226
100 0.8  0.785 0.485 0.791 100 0.8  1.216 0.774 1.221
100 1.0 0.764 0.468 0.787 100 1.0 1.192 0.747 1.217
120 0.6 0.797 0.554 0.776 120 0.6 1.230 0.886 1.205
120 0.8 0.767 0.430 0.772 120 0.8 1.196 0.687 1.092
120 1.0 0.751 0.413 0.770 120 1.0 1.197 0.661 1.198
140 0.6 0.779 0.499 0.764 140 0.6 1.210 0.797 1.181
140 0.8  0.755 0.386 0.760 140 0.8  1.182 0.617 1.188
140 1.0 0.742 0.370 0.758 140 1.0 1.167 0.592 1.185
Table 14. M/M, for three-span bridge, truck type Table 15. M/M, for three-span bridge, truck type
25-1. 7s-2.
Midspan Midspan
Truck Length Truck Length
Tvpe (ft) N R Ro Ra Type (ft) N R. R, R,
25-1 80 0.6  0.227 0.935 0.908 28-2 80 0.6  0.938 1.221 1,086
80 0.8 0.863 0.734 0.911 80 0.8 1.027 0.956 1.090
80 1.0 0.920 0.741 0.913 80 1.0 1.112 0.944 1.093
100 0.6 0.843 0.884 0.942 100 0.6 0.995 1.133 1.136
100 0.8 0.921 0.690 0.946 100 0.8 1.112 0.884 1.142
100 1.0 0.962 0.682 0.949 100 1.0 1.173 0.863 1,147
120 0.6 0.897 0.817 0.567 120 0.6 1.075 1.038 1.174
120 0.8 0.957 0.635 0.883 120 0.8 1.164 0.807 1.073
120 1.0 0.989 0.620 0,974 120 1.0 1.211 0.782 1.185
140 0.6 0.933 0.752 0.986 140 0.6 1.128 0.951 1.202
140 0.8 0.981 0.583 0.990 140 0.8 1.199 0.737 1.208
140 1.0 1.007 0.565 0.993 140 1.0 1.238 0.711 1.213
Table 16. M/Mp for three-span bridge, truck type Table 17. Truck distribution on three-span bridge.
3S8-2.
Midspan Truck Frequency
Truck Length Type (percent) Trucks/Day Trucks/Year
Type (£t) N Ru R. Ry
2D 22 220 80,500
3s-2 80 0.6  0.957 1.168  1.083 3 10 100 36,500
S B0 0.8 1.035 0.916 1.091 28-1 8 BO 20,200
80 1.0 1.115 0.921 1.197 28-2 15 150 54,800
100 0.6 1.000 1104 1142 5% 45 450 164,000
100 0.8 1.118 0.862 1.150
100 1.0 1.175 0.850 1.156
120 0.6  1.085 1.020 1.182
120 0.8  1.169 0.793 1.081
120 1.0 1.214 0.774 1.195
140 0.6  1.137 0.939 1.211
140 0.8 1.203 0.728 1.218
140 1.0

1.241 0.705 1.223
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are much lower. The stresses that are induced also depend on the traffic character-
istics; therefore, a random loading criterion appears more suitable.

Miner's Technique

Incorporation of various vehicle loading conditions, a random process, easily can
be established by application of Miner's theory (E). The theory is expressed by

Z(E_:) =1.0 (11)

where

n; = number of induced cycles at a constant stress level f,, and
Nfi = number of induced cycles to institute failure at stress level f;.

The estimated life of a structural element is then determined by solving Eq. 11:

Ny = i (12)

2w

Ny,

wherez ﬁni- represents the damage estimate that is induced during 1 year. Therefore,
f

a bridge could be designed in terms of years rather than cycles.
The following is the procedure for checking the fatigue life of a structural weldment:

1. Determine the probable number of trucks per day at a bridge location.

2. Determine the probable percentage of distribution of truck types at a bridge lo-
cation (use Table 2 if traffic data are not available).

3. Determine the number of vehicle applications per year, i.e., percentage X daily
population X 365.

4. Determine M/M, in regard to the type of structure, vehicle type, and vehicle
gross weight (Tables 5 and 10 through 15).

5. Modify AASHTO design live-load stress according to percentage of M/M,—
£y = fyesign X M/Mi—for each truck type.

6. Determine the failure cycles at the induced stress f; for the given truck type,
where the failure cycles Ny, are computed from the following equations (_ll):

log N, =8.87 - 2.65 log fu (13)
for cover-plated beams, and
log N, =10.637 - 2.94 log f, (14)

for plain and butt-welded beams.

7. Compute the estimated life of structure in relation to each of the five truck types
by using Eq. 12,

8. Determine whether this estimated life is satisfactory.

Root-Mean-Square Technique

As an alternate to Miner's procedure, the influence of the five truck types can be
combined into one common denominator by evaluating the root-mean-square (rms) of
their stresses (14). This stress is then used to evaluate the fatigue life.

The general equation used for determining rms stress is

frme = L(E20)? + (£2)? + (fasm1)? + (f29-2)% + (fas-2)2]/5-0}1/2 (15)

where fa, fs, fos-1, fas-2, and fss-2 = stresses induced by 2D, 3, 2S5-1, 25-2, and 3S-2
truck types respectively.
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The following procedure is used for checking the fatigue life of a structural weldment
with the rms technique:

1. Determine the probable number of trucks per day at bridge location.

2. Determine the number of vehicle applications per year, i.e., daily population
(DP) x 365.

3. Determine M/M, in regard to the type of structure, vehicle type, and vehicle
gross weight (Tables 5 and 10 through 15).

4, Modify AASHTO design live-load stress according to percentage of M/M,—
£y = (Dgesign X M/My—for each truck type.

5. Use computed stresses f;, for each of the five truck types, to compute f.,, as
given by Eq. 15.

6. Determine failure cycles N; at the f.;, stress level by using Eqs. 13 and 14.
fcyc:les
365 XDP"

8. Determine whether this estimated life is satisfactory.

7. Compute estimated life of structure, i.e., Nyeys =

The reduction factors given in Tables 7 through 10 were not listed as part of the de-
sign procedure. These factors can be used with modifying factors to obtain a more
realistic estimate of the actual induced stress. Therefore, the final stress f; is com~
puted as

fy = fdesign X M/IVIA X F (16)
If a conservative estimate is required, F = 1.0 would be used.

APPLICATION

Examination of truck classification data (§, 6) and a load history study of a three-
span continuous bridge yielded the truck disfributions given in Table 17. (The average
daily traffic was 1,000 trucks. The values for the number of trucks per day times 365

acnle tha frualka nav vaon )
V\iuu.l.u WLV VA WAl N\IL J\a‘-&A o/

The bridge to be examined under these loadings (Table 17) has three spans: 72, 90,
and 72 ft long (Fig. 4). The bridge is composite in the positive moment region and has
a 7-in, concrete slab. The girders are spaced at 7-ft, 7-in. intervals. The section
properties of a typical interior girder at sections A, B, and C and the design live-load
moments and stresses are given in Table 18. With this information, the induced
stresses caused by the five truck types can now be determined.

Tables 12 through 16 are used. It will be assumed that the center span is 100 ft
(90 ft actually) and the end span ratio equals 72/90 or 0.80.

The induced stresses caused by the five truck types are computed by multiplying the
design stresses by the M/M, factors. These siresses must also reflect the passage of
a single vehicle rather than all lanes loaded as is assumed in the original design. This
can be achieved by using a new distribution factor of S/11.0 (15). Thus a ratio of S/11.0
to the AASHTO distribution factor 8/5.5 gives a factor of 0.50. Therefore, the resulting
stresses caused by the various truck types (Table 19) are computed as

) M\/S/11.0
Stresstruck type — (deSIgn streSS) (W 8/5«5 )

The-rms-stress-for Ry =-5:95; for Ra—=-3:37;-and-for -Rs = 6.15:

The fatigue life of a plain or butt-welded girder subjected to these stresses is ob-
tained by Eq. 14. The stresses at midspan of the center girder will govern. The cycles
to failure (N X 10°) are given in Table 20 (rms = 209.2). These resulting N; values and
the frequencies of applied stresses per truck type will now be used to determine the es-
timated failure life with Miner's and the rms techniques.

Miner's Technique

The damage index is ny /Nfl and is given in Table 21. The estimated life is the re-
verse of n;/N; or



Figure 4. Three-span continuous bridge.

. End
Support Mid Span C.L.
72'-0" I 451 0"
SECTION B SECTION B SBZ'TION c
170 & 1M 12" 1% 2’/4" 12" x 1t | Sym at C.L.
|
36"x 5/8 Web
Ta%1" 127 x 1 3/ " ] | 12" % 2‘/4" I T 12" x 1 3/8"
11"-3“'—|—- 39!_6n |8'-9" l 25'-0 bl_gu I 221-gn
Table 18. Interior girder descriptions for a three-span Table 19. Stresses caused by various truck
continuous bridge. types.
i Section Design Stress (ksi)
Modulus Moment Stress
Section Type (in.®) (kip-ft) (ksi) Truck R: R Ry
- Type (end span)  (support) (midspan)
A, support Noncontinuous 849.0 -635.0 -8.0
B, endspan Continuous 739.0 690.0 11.87 2D 4,47 2.67 4.57
C, midspan Continuous 739.0 716.0 11.59 3 6.95 3.48 7.05
28-1 5.25 3.10 5.50
28-2 6.30 3.97 6.60
3s-2 6.35 3.89 6.65
Table 20. Cycles to failure. Table 21. Damage index.
Cycles to Failure at Rs Truck Type n X 10° n,/Ne
Truck Type (midspan)
2D 80.5 0.000161
2D 501.0 3 36.5 0.000261
3 140.1 25-1 29.2 0.000100
28-1 290.6 28-2 54.8 0.000320
28-2 170.1 3S8-3 164.0 0.000990

38-2 166.3 — —
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.
n, - 0.00183

N

Nite = = 546 ycars

Root-Mean-Square Technique

The estimated bridge life is computed from the rms failure life of N; = 209.2 x 10°
cycles:

Ne ~209.2 x 10°

Nite = 365 x DD ~ 365 X 1,000

= 574 years

CONCLUSION

A methodology has been presented by which random truck loading on a bridge can be
considered relative to the fatigue response of welded plate elements.

Examination of field data, as reported by various states, has resulted in a series of
typical trucks that were used as loads in evaluating induced girder moments. The in-
duced field stresses were compared to the calculated stresses, and this resulted in the
determination of reduction factors. These factors may be used to modify design stresses.

Further studies should be conducted in developing accurate single-vehicle load dis-
tribution factors S/11.0. The tables also should be refined to reflect other moment lo-
cations along the girders. The suggested fatigue design procedure is derived from field
tests on multiple beam and slab bridges and, therefore, should only be used on similar
structures.
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NEW PROCEDURE FOR FATIGUE DESIGN OF HIGHWAY
BRIDGE GIRDERS

Fred Moses, Civil Engineering Department, Case Western Reserve University; and
Robert Garson, Massachusetts Institute of Technology

The wide variety of heavy truck traffic and bridge girder weld conditions
combined with reported low measured stress levels under random traffic
suggests there must currently be inconsistent safety margins against
bridge fatigue. This paper discusses a probabilistic load model that fore-
casts histograms of highway bridge loading and that can be used to predict
fatigue life and to properly size girder sections. A reliability or risk ap-
proach to choosing safety factors on material and load is also described.
The simplified design procedure based on the truck loading model permits
cross sections to be designed or checked against fatigue by a simple for-
mula that also includes as parameters truck volume, span length, weld
category, and location.

¢ CONSIDERABLE attention has been devoted recently to the possibility of fatigue failure
in steel girder highway bridges. Field measurement studies under actual random traf-
fic conditions have been made in several states (1). These tests have shown that in
most cases actual stress histories experienced by bridge girders are considerably be-
low the allowable AASHTO code standards. This is partly because fatigue is treated

in the AASHTO code as a byproduct of the yield or overload analysis, which requires
high distribution factors, all lanes loaded, conservative truck weights and dimensions,
and so on.

In introducing higher strength steels, continuous spans, and welding details, fatigue
often controls the required girder size. In view of the low measured stresses, modifi-
cations in the current specification appear appropriate. The current code also does not
distinguish between the wide range encountered in both gross truck weight distributions
and annual truck volumes. Although the AASHTO code suggests you may do otherwise,
based on traffic and loadometer surveys (2), it does not offer any alternatives. This
paper presents a detailed procedure for fatigue life design that incorporates these fac-
tors and illustrates it with several examples.

A further indication of the need for design changes is that many specifications are
evolving toward a probabilistic basis for choosing safety factors. One common ex-
ample is separate or split safety factors on load and strength. This paper also illus-
trates how this can be done for the fatigue design problem. A material safety factor is
introduced to account for fatigue life variabilities, and a second safety factor on load
is used to account for uncertainties in future load growth and possible errors in analysis.

FATIGUE LIFE ANALYSIS PROCEDURE

A new fatigue code format that is based on a more realistic evaluation of fatigue
loading and material properties and yet can be simplified enough for practical design
isdiscussed. The goal of the fatigue life analysis procedure was-to-incorporate field
measurements, laboratory data, and state records of truck weights and volumes so
they could be used for evaluating and predicting girder fatigue life (g).

Publication of this paper sponsored by Committee on Dynamics of Field Testing of Bridges.
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In the fatigue prediction calculations (3), it was found that two truck types, including
single and tractor-trailer vehicles, would sufficiently represent all bridge truck loadings.
The truck physical parameters were defined from a survey of actual data rather than
from extremely unfavorable cases as in the yield design provisions of the AASHTO code.
For a particular roadway type and location, a local gross weight distribution and per-
cent by volume of each truck type based on state records were used.

By using a static analysis of the bridge girders, the live-load bending moment range
at any point along the girder was found for both truck types. From these static analyses,
a computer program calculated the bending moment range histogram for the critical
bridge location. The flow chart of fatigue calculations is shown in Figure 1. The bend-
ing moment also includes a dynamic impact factor that increases the maximum moment
and decreases the minimum value and thereby considerably raises the moment range.
This is handled in the program by calculating an envelope of the moment pulse as the
truck moves across the bridge. The analytical model of truck loadings also included a
truck headway distribution for the important effects of truck loading superpositions
caused by closely spaced trucks or trucks passing each other.

These calculated moment histograms have compared favorably to histograms of field
measurements. It must be emphasized that the computer program is only used to de-
velop a set of tabulated parameters in a specification, but it is not needed for everyday
design or checking cross sections. (This is illustrated below in a simplified design
procedure.) The calculations also showed that it was sufficient to consider the fatigue
life at some critical location such as the span center on some representative bridge
length, and for any other span location and length the results could be directly ex-
trapolated by computing static moment ranges based on a tractor-trailer vehicle. The
basic idea is that fatigue damage depends on the stress range experienced by an element
and that the tractor-trailer loading is sufficiently representative for comparing locations.

The computed bending moment histogram is then converted to a stress histogram by
dividing moment by an equivalent elastic girder section modulus Z,,. The fatigue life
is computed by Miner's damage rule in which each stress range level causes damage
in inverse proportion to the fatigue life for that stress level. Because only one con-
stant, Z,.,, is needed to relate loading to stress, it becomes convenient to determine
fatigue life versus Z,, for a given truck volume. Thus, the loading information is con-
tained in the bending moment histogram, whereas Z,, contains all the information on
the bridge girder section. This calculation uses the result of Fisher, Frank, Hirt, and
McNamee (4) that only live-load stress range and not dead load affects fatigue life.
Figure 2 shows a plot of truck volume versus Z,, for different design lives based on a
moment histogram calculated from a representative sampling of Ohio truck weight
records (5).

The fatigue checking and design method, however, does not require in each case a
computer for calculating bending moments and fatigue damage. A literature survey of
fatigue information showed that the fatigue S-N curve or stress range versus the number
of cycles to failure is a straight line on log-log paper with essentially the same slope
regardless of steel or weld type. This assumption permits extrapolating both weld
category and a safety or risk factor without further recalculation of bending moments.
The weld category is treated by a single term D, that, like an equivalent stress concen-
tration factor, moves the fatigue curve parallel to itself (Fig. 1). The same holds for
the material safety factor N,, which can be treated as a risk value inasmuch as safety
factors greater than 1 correspond to definable risk levels such as ‘00 OF /1,000 Of 2
fatigue failure during the girder lifetime (3). The various factors are summarized in
the following equations. -

The uniform amplitude fatigue curve is

NS =c¢ (v

where

N = number of cycles to failure;
S = uniform amplitude stress;
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Figure 1. Flow diagram of fatigue evaluation.
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b = fatigue slope, equal to about 3 in all cases; and
¢ = constant.

The fatigue damage D; by Miner's criterion for a single application of stress range S; is
D, = — (2)

where

N(S,) = %
S

The cumulative damage D may be found from the computed histogram of bending
moments:

D=Zni=v2%=%2s‘:ﬂm) (3)

where

V = truck volume, and
f(M;) = frequency or percentage of live-load bending moment ranges equal to M; from
the calculated moment histogram.

The stress is assumed to be moment M; divided by an equivalent elastic section mod-
ulus Z,, or

St = My/Z,, (4)

Substituting Eqs. 2 and 4 into Eq. 3 gives
Vv b
D=—— ) M f(M) (5)
e T

Failure occurs by Miner's law when D, the cumulative damage, equals 1. Note that
the loading terms are incorporated in the moment frequency inside the sum in Eq. 5,
whereas the fatigue category, girder properties, and truck volume are outside the sum
and can be incorporated in the constant Z,,. [In Moses and Garson (3) Z,, appears as
DR (design raﬁog), i.e., 1/Z,.] A general expression for Z,, is -

_ _ZD:
Zaq —GN—.NL (6)

The variables in Eq. 6 are as follows:

1. G is the distribution factor expressed as the percentage of the total live-load
truck bending moment on the bridge as the truck goes to an individual girder. Based
on some reported field measurements of random traffic, G equals about S'/25 (3).

2. 8'is the girder spacing in feet.

3. N is the safety or risk factor. A review of fatigue life variabilities in tests
showed that a value of 1.75 would seem equal to risks less than one fatigue failure that
occurs in the expected life of 10,000 bridges (g). Some results of laboratory fatigue
tests tend to show that fatigue life has a log normal distribution. Thus, equal probability
fatigue curves (P-S-N lines) would plot on a log-log S-N diagram as a series of straight
lines. This enables the risk or safety factor to be reflected as a single constant value
Sy at all stress levels.

4. Zis the girder section modulus, in in.%.

5. D is the weld category factor that is analogous to a stress concentration (ratio
of fatigue curve stress intercept to fatigue intercept for cover plate determination).
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Table 1 gives some suggested values for various weld categories based primarily on
lab tests (4). Because the value of ¢ in Eq. 1 is also needed to compute fatigue damage,
the weld category values are given as ratios of the value for a cover plate termination.

6. N, is the load factor to account for future truck growth in volume and gross weight
distribution as well as any errors in stress analysis and impact factor. A value of 1.5
was u(s&;d. [Some studies of load growth show mean weights increasing 2.5 percent per
year (3).]

Because the value of Z,, is fixed by Eq. 5 for a given loading and fatigue life, a sim-
plified design procedure uses values of Z,, for different roadway categories and loca-
tions. For example, combining gross weight data from 12 rural Ohio locations (E) to
determine weight distribution for calculating the bending moment histogram gave a
value of Z., equal to 1,700 in.® for a 100-year life, 36 trucks per hour, and the center
of a 60-ft simple span girder. On some Maryland weight records (6) Z., was 1,333 in.?
for the same life and bridge. These values of Z,, should be taken only as illustrative
because they were based on very selective locations. Further study of weight records
will be needed. However, only truck weight distribution must be considered as span;
volume and life factor out.

FATIGUE DESIGN PROCEDURE

The following steps are required by the suggested fatigue design procedure.

Select the section modulus value Z,, now designated as (Z, )i for the roadway cat-
egory into which the design location is expected to fall. The tabulated values besides
the truck weight characteristics are based on specified truck volume, bridge length,
impact factor, and location of critical weld. Adjustments to account for these quanti-
ties follow.

Adjust the value of Z,, by any change in the desired service life and expected traffic
volume (Eq. 5) so that it has the same fatigue damage. The section modulus Z,, and
volume V must satisfy the formula

%:,— = constant (n
8q

If Vis the truck volume used to calculate the tabulated value of Z,,, then the modified
Z,, for another truck volume, V, would be

Zoo = (Zogeas (%)" (8)

where V is the actual truck volume expected at the site, and Vi, is fixed (e.g., 36 trucks
per hour for a 100-year life).

Select, from a structural analysis, coefficients for the location of the critical cross
section and span length, and adjust for any differences in impact factor. These coef-
ficients are

B = %l)ct;.b (9)

where the variables C;. and C, are as follows:

1. Ci, is the ratio of bending moment range, found by using a tractor-trailer vehicle
for the design section, to the bending moment range used in calculating (Z,q)m values.
In the examples, this was based on the center of a 60-ft span. Table 2 gives C;. values
for various simple span lengths and locations.

2. C, is based on the ratio of the expected impact factor to the value used to calcu-
late the (Z, )s» values. The impact factor used to calculate the damage was arbitrarily
taken as 20 percent. Thus, if any other impact value I is used then



Figure 2. Z,, versus truck volume and design life.
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Table 1. Suggested design detail

Table 2. Cy,_values for various simple span lengths

factors (Dy). and locations.
Design Weld Location
Factor Detail Length
(ft) 2/10 3/10 5/10 7/10 8/10
3.56 Rolled sections
2.58 Welded beams and girders 20 6.16 4.88 4,38 4.88 6.27
2.22 Welded flange splices 30 3.59 2.83 2.50 3.08 3.98
1.00 Cover plate terminations 40 2.56 1.98 1.72 2.20 2.78
50 1.87 1.52 1.31 1.48 1.87
60 1.37 1.10 1.00 1.05 1.37
70 1.07 0.85 0.758 0.820 1.07
80 0.873 0.69 0.606 0.672 0.8173
90 0.740 0.581 0.508 0.566 0.740
100 0.642 0.503 0.436 0.491 0.642
110 0.565 0.442 0.382 0.433 0.565
120 0.508 0.394 0.340 0.388 0.508
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1.2

C = (10)

where I is the impact factor. For example, if the AASHTO value is used

50
I=1+g-95%

where L is span length.

Choose a stringer spacing S’ and weld detail. Table 1 gives values of Dy for various
weld details.
Calculate the required girder section modulus Z by using Eqs. 6, 8, and 9.

(7 — CNN (V)
Z = (Zeq)tnb Dr * G * C (Vt,lb)

%

(11)

A general equation for checking the elastic section modulus in terms of truck volume
and bridge and weld characteristics is

Z = (2, (12)

)tlb Df = CXL F Cl T3

EXAMPLES OF FATIGUE DESIGN

Several examples illustrate the simplified fatigue design procedure described. The
examples are not inclusive, and an extensive study needs to be taken of (a) truck weight
variations at different locations, (b) a larger range of continuous span bridges, and
(c) additional weld categories. However, all elements of the design procedure are in-
dicated.

Example 1

Example 1 is a 60-ft simple span with a Maryland truck weight histogram (6). It has
a 100-year service design with 36 trucks per hour expected volume. The design calls
for a rolled beam on 7-ft center spacings. Z,, for this truck weight histogram was
1,333 in.®. The impact factor by the AASHTO code is I = 1 + [50/(60 ft + 125)] = 1.27,
Therefore, C; =1.2/1.27 =0.95. For a rolled beam, Table 1 gives D, = 3.56. Table 2
gives Cx, equal to 1.0 for this case. Substituting in Eq. 12 gives, for the required girder
section modulus,

(%15‘3)(1.75)(1.5}

- 3 . 3
Z = 1,338 000 ~ 208 in (13)

Example 2

Example 2 has the same bridge data and truck volume as in example 1 except the
truck weight histogram is from Ohio (5). Z,, for this case was 1,700 in.%; thus,

— (7—f-t-) (1.75)(1.5)

25 1,700 =
-1,700 299 % 2008 _ooe
2= L7100 G 5o 00095 = 29° ¥ 1,333 =370 I (14)

Example 3

Example 3 has the same data as example 1, but plate girders with twice the spacing
(14 ft) rather than rolled beams were used. Table 1 gives D, = 2.58 for a welded plate
girder. The section modulus now required is
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14
(—(1.75)(1.5)
7 o188 n x 3.56

=2 X 293 = 815 in.® (15)
777 (2.58)(1.0)(0.95) 2.58

Example 4

Example 4 is a simple span bridge with the same data as example 1, but a rolled
beam with cover plate at 2/10 span is used with a spacing of 7 ft, 11 in. In this case
both the section at midspan and the section at the weld cutoff must be checked. Table 1
gives 4 value of D, = 1.0 for a cover plate termination and 2.58 for a welded beam at
the midspan. Table 2 gives the value of 1.37 for Cy_ at the weld cutoff. Thus,

(1;.%&)(1.75)(1.5)

Dorigsoan = 1,388 222 L — o — 455 in.®
missoan = 1,333 (o e T.000.9) - 420 1n
11
(72é“)(1.75)(1.5) \ :
= 1 = . :
Z2 focutoft ,333 (1.0 (1.37 (0.95 850 in (16

Example 5

Example 5 has the same data as example 1 but has a change in truck rate from 36
trucks per hour to 100 trucks per hour (100-year life). With Eq. 8, Z,, is modified by

I/) ,
Zay = Ziaduas (%9)' = 1,333 x (2.78)*= 1,800 in.?

and
1,800 <@
. =t i) [P
Z =293 (1’333) 413 in. (7
Example 6

Example 6 has the same data as example 1 but has an 80-ft bridge instead of a 60-ft
bridge. The impact factor should be modified because the computed Z,, value is based
on 1.2 rather than on AASHTO values. By using Eq. 10

C = —1'250 =0.96
1+

80 + 125

For 80 ft and a midspan location, Cx, = 0.606 (Table 2). Z,., is now modified by these
values with Eqs. 9 and 10:

1,333 .3
2oy = — 15— =2,300 in,
" = 0.606)(0.90) ~ 23001
and the required girder section modulus
_ 2,300 L .3
Z = 333 X 293 = 502 in. (18)

Example 7

A three-span bridge located in Portage County, Ohio, was used and will be checked
for adequate section modulus bgf the procedures presented. The cross section consisted
of 36 W 150 beams (Z = 504 in.”) at 7-ft, 11-in. spacing with cover plates at the sup-
ports. The symmetric three spans are 48, 60, and 48 ft with cover plates extending
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6 ft on either side of the intermediate supports. The truck rate is 70 trucks per hour.

Fatigue checks will be done at A, center of first span; B, center of middle span; and
C, cover plate termination location in first span.

A static bending moment analysis is done by using influence functions, and a tractor-
trailer loading gave the following Cy, values based on the ratio of peak bending moment
range to the center moment on a 60-ft simple span. At A, C;. =1.25; at B, G = 1.38;
and at C, Cs. =2.15. A dynamic analysis gave an impact factor ratio value of C, of
about 0.94 applicable at all three locations. The detail factor at A and B is 3.56 for a
rolled beam and 1.0 at C for a cover plate termination. Assuming the Ohio welght his-
togram (5), which would seem applicable at site, Z,, was given above as 1,700 in.? based
on 36 trucks per hour. Thus, from Eq. 8:

= (Zog)tad (70) (1,700)(1.94)* = 2,120 in.®

Substituting now for the required section modulus expression (Eq. 12) gives

(7—11/‘—"‘)(1 75)(1.5)
=2,120 125
(3.56)(1.25)(0.94)

(7 /12) (1.75)(1.5)
. =2,120 25 = 385in.} (<504)
(3.56)(1.38)(0.94)

(72é2)(1 75)(1.5) .
Ze =2,120 L0VGI5054 =870 in.®  (>504) (19)

Because the actual section has a modulus of 504 in.%, locations A and B are satisfactory
although C is relatively unsatisfactory. (Fatigue checks should also be done at the pier.)
It should be emphasized that the above checks on section size reflect the assumed values
of risk N, (1.75), the load factor N, (1.5), and a truck weight histogram averaged from
several locations

=423 in.® (<504)

CONCLUSIONS

The study confirmed changes generally needed in fatigue specification, i.e., a fa-
tigue loading separate from yield loading, consideration of live-load stress range rather
than maximum peak stress, and updating of the load analysis to reflect actual traffic and
truck load conditions on a given roadway.

Further effort is needed to clarify several points. These include continuous span
bridges (only a three-span has been done thus far), the number of roadway types with
different gross weight distributions and type percentages, the girder distribution and
detail factors, and the material and load safety factors. These must be found from
further field and laboratory measurements and calibration with existing designs.
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