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This paper describes the field testing of the Aguasabon River bridge in 
Ontario, a three-span, continuous, steel girder bridge with parabolic 
haunches of composite concrete slab construction. As part of the 1973 
bridge testing program, the structure was tested both statically and dy­
namically with two load-testing vehicles. Because this structure had a 
history of failures of the haunch weld detail and because it was one of 
several similarly designed structures, it was decided to determine the ac­
tual bridge behavior under load as well as its structural adequacy. Out­
lined are the grid type and other analytical procedures followed to predict 
stresses and deflections, which are then compared with those values re­
corded during the static loading. An estimate of the fatigue life of the weld 
details is made by using the dynamic strain data obtained. General aspects 
of the behavior of the structure are discussed, and conclusions are drawn 
on the structural adequacy of the test bridge and the methods used in the 
analysis and testing. 

•THE Ministry of Transportation and Communications, Ontario, has a continuing load­
testing program in which about 10 structures are analyzed and load tested each year. 
This program is designed primarily to determine safe load-carrying capacity of some 
of the suspect structures of the more than 13,000 highway bridges in the province. To 
expand the knowledge on the behavior of highway structures under load, these bridges 
are subjected to rigorous testing. Extensive instrumentation is used and suitable 
test conditions are provided so that comparison can be made between current design­
analytical techniques and actual field results. 

The Aguasabon River bridge in northern Ontario was in the 1973 bridge testing pro­
gram primarily because it had severe weld cracks at three locations on one girder. 
Because it is one of several similarly designed bridges, it was felt extensive testing 
of it would give a better understanding of the structural behavior of all these bridges. 

STRUCTURAL DESCRIPTION 

The Aguasabon River bridge is located on the north shore of Lake Superior on Highway 
17 (T1·ans-Canada Highway), 130 miles (210 km) east of Thunder Bay, Ontario. The 
three-span, continuous structure, built in 1948, is of composite beam-slab construction 
designed by the Ontario Department of Highways for an H20 truck load. 

The 200-ft (61-m) structure (Figure 1) consists of four 33-in. (84-cm) WF girders, 
haunched at both piers and abutments. These haunches were fabricated by cutting the 
gottom flang~i_tJ1g_yveb fill~t filill wel_@11g a_pE,rabolic insert~ which i:es te_Q. in <L_5J.25-
in. (1.30-m) section at the piers and abutments (Figure 2). 

In 1963, severe cracks, one of them extending 44 in. (1.12 m) into the web along a 
diagonal line, were found at the vertical weld detail in three of the six haunch inserts 
of the north interior girder. These cracks were repaired by welding cover plates or 
insert plates in a fashion similar to that shown in Figure 3. Prior to the 1973 tests, 
dye-penetrant and magnetic-particle weld inspection techniques were used on the repairs 
and the 21 remaining vertical welds, with the result that four other weld cracks were 
discovered. Figures 4, 5, and 6 show two of these weld cracks. The cracked vertical 
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Figure 1. Aguasabon River bridge. 
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Figure 2. Shear connector and haunch details. 

· .. ' 

ABUTMENT 

- -'-""--o1 r ll"•a'Flu.ETWELDS 
EACH SIDE 

SLAB CONNECTION UJGS ON TOP flANGES 
WITHIN LIMITS AS SHOWN 

Structural Steel - medium grade. 
Rivets 7/8" ¢ . 
All sliding bearings ground smooth one face. 

Girders placed convex side up to counter deflection. 
Do not paint tops of all girders and beams. 
All splices to develop 50% of strength of heavier section, 
Concrete contractor to leave 4" x 4" x 12" open holes 
for anchors. F rn:~·~: Jj 

'-... WELD FAILURE 
ZONE 

-6 

SYM 

-

-

. 

-

'ls YM 



50 

weld area was cut out in a circular shape, and an insert was welded in its place. Where 
the crack had penetrated the bottom flange, it was gouged out and filled with weltl ma­
terial, at a slow rate of deposit, by using low-hydrogen-coated electrodes. All re­
paired surfaces were subsequently ground flush to eliminate any stress risers. 

The girders are field spliced at two points in the interior span 22 ft (6. 7 m) from 
each pier, theoretically at the points of dead load contraflex'Ure. Field personnel noted 
that the riveted splice consisted of %-in. (16-mm) flange plates on the interior and 1

/ 2-

in. (12. 7-mm) plates on the exterior girders. All had two %-in. (10-mm) web plates 
for the shear splice. Details of the field connection are shown in Figure 3. 

The deck system consists of nominal 7-in.-thick (178-mm) two-way reinforced slab 
panels, continuous over adjacent girders, and 15-in. (381-mm) I-shape floor beams. 
The floor beam-to-girder connection serves as a vertical stiffener in addition to a shear 
transfer from floor beam to girder. Channel types of shear connectors were used in 
the regions of positive dead load moment to ensure composite action. 

The piers are of the two-column bent type with concrete-filled sheet pile caissons. 
The abutments are similar in design but are supported by timber piles. There are no 
abutment walls, and consequently the fill behind the east abutment has slipped and has 
undermined the support beam and created a rough approach to the structure. The sub­
structure is generally in good condition except that on the east abutment some of the 
reinforcing steel is exposed because of excessive spalling of the concrete. 

A network of scaffolding was erected beneath the structure to enable free access to 
all weld and splice areas and to provide a working platform for inspection and instru­
mentation. 

ANALYTICAL TECHNIQUES 

The Ministry's Structtual Research Section has at its disposal two load-testing vehicles, 
each capable of carrying a maximum payload of 153,000 lb (69 400 kg) with a gross ve­
hicle weight (GVW) of 197,000 lb (89 350 kg) on five axles. This payload in turn can be 
placed on the semitrailer in such a manner as to produce any desired tandem axle 
weight of up to 110,000 lb (49 900 kg). The base length is 52 in. (1.32 m). 

The analytical tools outlined above were used to determine the maximum test loads 
and critical vehicle positions based on a permissible maximum bending stress in the 
structural steel of 30 ksi (207 MPa). 

Superstructure 

A multiple-girder grid analysis computer program was developed by the Structural Re­
search Section to determine bending moment, shear, reaction, or displacement of a 
multigirder bridge under a series of moving or static loads. The use of both transverse 
and longitudinal strips instead of finite elements as in other more general computer 
programs reduces the number of unknowns at each node to one, vertical displacement 
(1). This drastically reduces the amount of computation necessary to obtain the pa­
rameters mentioned above. The live load stresses resulting from the application of 
this program were combined with the computed dead load stresses to arrive at several 
load positions for maximum stresses at midspan, at the eastern pier, and at the end 
span for each of the four girders. 

Web cutouts, taken from (;he weld-failure zones (Figure 2), were-analyzed tcr deter­
mine their chemical composition. Moreover, an examination of the fracture surfaces 
revealed that they were indeed fatigue cracks originating at extremely large initial weld 
imperfections and inclusions. Results of the chemical analysis of the base material 
(A 7 steel) were as follows: 



Chemical 

Carbon 
Manganese 
Silicon 

Substructure 

Percent 

0.24 
0.74 
0 .09 

Chemical 

Phosphorous 
Sulfur 

Percent 

0.01 
0.03 
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A working stress analysis was performed on both piers and abutments by using the ve­
hicle configurations described above. Abutment stresses were within acceptable limits, 
but the stress in the pier tension reinforcement was extremely high when two fully 
loaded vehicles were located directly over the pier. 

Proposed Test Loads and Test Procedure 

As in all forms of structural analysis, many assumptions must be made to establish the 
load-carrying capacity of a bridge without expending an undue amount of time and effort. 
Thus this analysis s hould be supplemented by a careful testing procedure to prevent a 
catastrophic failure. TWo fully loaded vehicles each with a GVW of 197,000 lb (89 360 
kg) were approved through the Ministry's sta11dard evaluation procedures as the max­
imum test loads. These loads were to be applied in four increments while stresses 
were monitored at the critical areas. The pretest analysis of the structure was used 
to determine both the maximum test loads and those areas in which stresses may be 
critical during testing. 

Later in this paper, comparisons are made between the test r esults and the predicted 
stresses and moments (Table 1). The test load positions for the desired load incre­
ments are given in Table 2. These positions are shown in Figure 7. 

INSTRUMENTATION 

Figi?re 8 shows the location of the instrumentation used to measure all strains and de­
flections. 

Deflection Measurement 

TWo theodolites of 1-sec resolution were used to determine deflection by triangulation. 
In the 50 to 100-ft (15 to 30-m) range in which they were used, an accuracy of :1:0.006 in. 
(:1:0.15 mm) could be obtained. Because the structure is continuous over the piers and 
the pier reinforcement was expected to be highly stressed, pier settlement or deflec­
tion was also monitored. Without this information, the test results could never be cor­
related with analytical strains because of the severe effect any movement would have on 
the distribution of moments. Deflection targets were mounted on the east pier and 
abutment, at midspan, and at six locations in the end span on all four girders. 

Strain Measurement 

Thirty-four SR-4 electrical resistance strain gauges were mounted in pairs on the steel 
girders so that sectional bending moment values could be obtained. One gauge was 
mounted on the top of the bottom flange and the other on the bottom of the top flange. 
These were wired in a half active Wheatstone bridge configuration, with bridge com­
pletion in the instrumentation van. All but three were used to measure static strain. 

These three, as well as an additional three gauges, were monitored through a set 
of de high-gain operational amplifiers driving a multichannel light-beam oscillograph. 



Figure 3. First north interior field splice and repair to 
weld failure (1963). 

Figure 5. Cutout section of fourth north exterior 
weld detail. 

Table 1. Expected maximum live load stresses. 

Expected Stresses (ksi) 

Location 

24-ft maximum end span 
44-ft second haunch weld detail 
60-ft east pier 
80-ft splice zone 
'100-ft center span 

Note: 1 ft= 0.3 m; 1 ksi = 6.9 MPa. 
1

- :c: tensile stress;+= compressive stress. 

Live 

-20.1 
-15.8 
+17 .4 
-13.9 
-20.6 

Dead 

-9.0 
+2.5 

+14.1 
-2.0 

-10.5· 

Total 

-29.1 
-13.3 
+31.5 
-15.9 
-31.1 

Figure 4. Dye-penetrant crack detection in fourth north 
exterior weld detail. 

Figure 6. Cutout section of second north exterior 
weld detail. 

Figure 7. Test positions identified in Table 2. 

Test Vehicle()rltntationAllis 

'n' --- JI--



53 

Several hours of continuous dynamic strain data were recorded by means of an FM tape 
recorder paralleling the light-beam oscillograph. The dynamic gauges were used in the 
static as well as in the dynamic tests so as not to lose any bending test data. An addi­
tional 12 gauges were used to monitor stress at several critical locations (Figure 8). 
Another strain gauge was mounted on a small block of steel, placed beneath the struc­
ture, to serve as an indication of instrument or temperature-induced drift. 

TEST PROCEDURE 

Dynamic Tests 

To determine the fatigue life of the structure requires that its response to a typical 
heavy vehicle and the statistical distribution of the vehicle population be known. Re­
cordings were made of dynamic strains as the test vehicle, loaded to a gross weight of 
91,000 lb (41 280 kg), crossed the bridge at speeds varying from 30 to 50 mph (48 to 
80 km/ h). This information was used to select the most active gauges for the purpose 
of recording as well as an actual calibration of the dynamic strain system. Test data 
were recorded for 32% hours throughout the testing period. 

Static Tests 

The first series of tests was carried out with 36 load blocks (2,125 lb or 964 kg per 
block) on board each test vehicle or a GVW of 122,000 lb (55 340 kg). The strains 
recorded were generally well below those anticipated. The maximum was 341 µin,/in. 
or 10.3 ksi (71.0 MPaL Because a number of vehicle positions were similar for dif­
ferent tests, several were combined into a single test and others were omitted, mainly 
because of a lack of time. 

Strains measured in the first north interior (NU) splice plate up until test 5B were 
roughly twice those found in the corresponding plate on the nor th exterior (NE) girder 
[maximum tensile and compressive strain ±77 µin. / in. or ±2.7 ksi (18. 62 MPa)] . rt 
was observed during the positioning of the secondary vehicle (i.e., test 5B) that the 
strain gauge affixed to the Nil splice plate indicated strains of 752 µin./in. or 26 ksi 
(179.3 MPa). Also, a loud, explosion-like sound was heard by those beneath the struc­
ture, and it was assumed to have come from the region of the central span. When the 
load was removed, a permanent set of 634 uin./in. or 22 ksi (1 51.7 MPa) was indicated 
by the strain-measuring instruments if the elastic modulus applied. The remaining 
gauges indicated that elastic strains existed in the rest of the structure. 

To clarify the questionable results from this splice plate, an additional strain gauge 
was attached near the first and was monitored throughout the second day of testing. 
When the load was increased to 147,000 lb (66 680 kg) on each vehicle (48 test series) 
a similar situation was encountered. The explosive sound was heard, louder than be­
fore, and plate stresses this time reached 38 ksi (262.0 MPa) or 1,095 µin./in. with a 
permanent offset of 940 µin./in. The second strain gauge confirmed the readings ob­
tained from the original one. A number of repeated loadings were made with plate 
movements measured by precision dial gauges, and a similar elastic strain was re­
corded with increasing permanent set each time. This confirmed suspicions that the 
splice plate had undergone considerable yielding. The remainder of the tests were 
completed at this load value, but test series 60 and 72 were abandoned because there 
was fear that serious structural damage would result. Figure 9 shows a typical loading 
condition of test series 48. 



Table 2. Test vehicle positions. 

Maximum Moment 
Test 

Location Sign Number 

End span, 24 ft 
Exterior 
Interior + 

Pier, 60 ft 
Exterior + 3 
Interior + 4 

Center span, 78 ft 
Exterior + 5 
Interior 6 
Exterior 7 
Interior 8 

Center span, 100 tt 
Exterior + 9 
Interior + 10 

First interior floor beam + 11 

Note: 1 ft= 0.3 m. 

Figure B. Instrumentation. 

STRAIN GAUGES 

DEFLECTION TARGETS 

LEOEP«> • O STRAIN GAUGE - BOTTOM OF BOTTOM FLANGE 
Q STRAIN GAUGE - TOP OF BOTTOM FLANGE 

Vehicle Location 

Primary A 

x y 

0.67 58.33 
5.67 56.33 

0.67 118.33 
6.67 31.67 

0.67 61.67 
4.67 61.67 
0.67 5.67 
0.67 5.67 

0.67 136.33 
4.67 138.33 
4.67 50.00 

• 
• 
.. 
.. 

' 
_,______ ,,. = 

e STRAIN GAUGE - TOP Of BOTTOM FLANGE, BOTTOM OF TOP FLANGE 
~ CONCRETE STRAIN GAUGE - TOP Of CONCRETE OEac , BOTTOM OF CONCRETE DECK 

' METAL DEFLECTION TARGET 
, PAINTED C!UUOTIOH' T4MtT 

Figure 9 . Test 1 B-48 maximum moment at east end span. 

Secondary B 

Direction x y Direction 

West 15.67 58.33 West 
West 15.67 58.33 West 

West 0.67 64.33 West 
East 4.67 75.67 East 

East 15.67 71.67 East 
East 15.67 61.67 East 
East 15.67 3.67 East 
East 15. 67 5.67 East 

West 15.67 128. 33 West 
West 15.67 136. 33 West 
West 15.67 50.00 West 

.. 
.. 

-0 
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DATA ANALYSIS 

Deflections 

The use of triangulation techniques to reduce all deflection data resulted in the deflected 
shape of the structure under load. Measured deflections were compared to revised de­
flection results from the multigirder computer program by using loading conditions 
identical to those used in the field. The maximum recorded deflection was 0. 756 in. 
(19.2 mm) at the center span with a 244,000-lb (110 680-kg) live load on the structure 
in comparison with the revised calculated deflection of 0. 732 in. (18.6 mm). Pier and 
abutment displacements were negligible. Deflection distribution factors similar to 
the AASHTO load distribution factors, in terms of girder spacing (2), are given in 
Table 3. -

Static Strains 

Sectional values of bending moment were obtained from strain data recorded at two 
locations (A and B in Figure 10a) for each pair of strain gauges. Two major assump­
tions were made in this analysis: 

1. The distribution of strains throughout the slab and the steel girder is linear, and 
2. The steel girder and the slab deflect equal amounts at all test points (i.e., equal 

curvatures, thus parallel strain distributions in tl}e slab and beam). 

Expressions can be derived as outlined in the appendix1 relating measured strains 
and the internal forces acting within the partially composite section (3), and sectional 
bending moments were easily calculated. These in turn were compared with revised 
multigirder program runs with the actual loading conditions. Distribution factors were 
derived in a manner similar to that used for deflection. The effect of slip between the 
girder and slab on the distribution of strain throughout the composite section is cur­
rently under investigation by the Structural Research Section. This study may aid in 
clarifying the behavior of composite structures such as the Aguasabon River bridge. 

Dynamic Strains 

Figure 11 shows three typical strain records made when the test vehicle was traveling 
at 45 mph (72 km/h) in the eastbound lane. These and other traces were examined, 
and a representative histogram of stress range (Sr) was determined (Figure 12). The 
service life of the welded details of the Aguasabon River bridge was estimated from the 
measured stress range histogram and the estimated fabricated flaw conditions that ex­
isted in the structure. 

The stress range histogram was used to estimate the root mean square stress range 
SrRJ.IS for various minimum stress range conditions. When all stress range levels 
greater than 0.85 ksi (5 .9 MPa) were considered, this resulted in SrR~is = 1.92 ksi (13.2 
MPa) at an annual rate of 1,340,000 cycles. This also provided a lower life estimate 
than when smaller stress range levels were considered. 

Service life was estimated from the crack growth relationship developed for welded 
steel details (~, ~· The semiempirical differential equation of crack growth was taken 
as 

1 The original manuscript included an appendix on determining strain relationships. That appendix is available in 
Xerox form at cost of reproduction and handling from the Transportation Research Board. When ordering, refer 
to XS-66, Transportation Research Record 579. 
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Table 3. Deflection distribution factors. 

24 Ft 78 Ft 100 Ft 

Deflection Deflection Deflection 
Distributor Distributor Distributor 

Test Factor• Deflection' Factor Deflection Factor Deflection 

lA-36 0.491 0.055 
lA-48 0.846 0.026 
lB-48 0.339 0.124 
2A-36 0.331 0.046 
5A-36 0.412 0.085 0.407 0.118 
5B-36 0.333 0.129 0.317 0.199 
5A-48 0.365 0.074 0.404 0.109 
6A-48 0.417 0.084 0.373 0.118 
6B-48 0.366 0.172 0.341 0.226 
7A-48 NA NA 0.379 0.029 
9A-36 0.367 0.060 0.400 0.095 
9B-36 0.336 0.125 0.335 0.194 

Note: 1 ft : 0 3 m 

•Percentage girder with greatest deflection is of sum of all four deflections. 
bSum of all four deflections at a single cross section. 

Figure 10. Composite T-beam with incomplete interaction (slip): (a) cross section, 
(b) forces, and (c) strain distribution. 

A) CROSS SECTION 

Figure 11. Typical dynamic response. 
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da/ dN = 2 x 10-
10 A K3 (1) 

The stress intensity factor was estimated for two stages of crack growth. The first 
corresponded to the internal weld discontinuity (inclusion) that was fabricated into the 
vertical groove welds. The fabricated discontinuity was assumed to provide an initial 
crack condition. The embedded discontinuity was assumed to act as an embedded el­
liptical crack perpendicular to the bending stress field. For this stage of crack growth, 
K was estimated as 

a r.;;:; ~ 
K = I/J o yrra vSec T 

where 

a = bending stress, 
a = half the minor diameter of the elliptical crack, 
t =thickness of the weld (0.8 in. or 20 mm), and 

(2) 

¢ 0 = elliptical integral that depends on the minor-to-major axis ratio of the crack. 

After the fatigue crack had penetrated the web weld thickness, the remaining life was 
estimated by assuming that the web crack propagated through the flange as a penny­
shaped crack. This model has been demonstrated to be applicable to crack growth in 
welded beams that experience crack growth from internal fl aws i n the web-flange welded 
connection (8). It has also been used to estimate the i nterval of life for stiffene rs 
welded to the web alone after the fatigue crack had penetrated the web thickness (9). 
The K-value was taken as -

2 r.;;:; CTa 
K = ; a "\f 77a v sec 2r 

for this stage of growth, where r is the distance from the origin to the bottom of the 
flange surface. 

(3) 

The life intervals for the two stages of growth were estimated from equations 1, 2, 
and 3, which resulted in 

a, 
1010 f da 

N = -2- AK3 

ai 

(4) 

During the first stage of growth, the life interval N1 was estimated by assuming that 
growth occurred in the direction of the minor axis 2a with a relatively constant major 
axis 2b, until the weld surface was penetrated (Figure 13). The second stage of growth, 
in which a penny-shaped crack was assumed, was used until the crack had penetrated 
the bottom flange thickness. 

SrRMs was used to describe the random variable stress field inasmuch as recent studies 
have shown that it is a satisfactory method for relating constant and variable cycle load­
ing (10, 11). Hence, when AK was defined in terms of equations 2 or 3, SrRMs was used 
for a-:- -

The results of the analysis ( Table.4) revealed that SrRMs = 1.92 ksi (13.2 MPa), and an 
annua l rate of 1,340,000 stress cycles provided the least life prediction. For the in­
clusion shown in Figure 4, it was estimated that approximately 31/a years would be re­
quired before the crack penetrated the bottom flange surface during the first stage of 
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crack growth. An additional 20 years would be required before the crack penetrated 
the bollo!U flange sudaee during the second stage of crack growth. 

The same inclusion was also examined for other locations in the web weld. If the 
inclusion were centered in the web, as many as 20 years could be required to penetrate 
the web surface. Smaller inclusions would obviously require a greater time interval 
(Table 4). 

The results of the analysis are in good agreement with field experience with these 
welded details. The first cracked details were detected in 1963 after about 15 years of 
service and in all probability had a more severe initial discontinuity than the detail 
analyzed. An increase in the discontinuity size would decrease the life expectancy. Of 
the four cracks detected in 1973 after 25 years of service, only one had completely 
penetrated the bottom flange surface. Given an estimated life expectancy of between 
23 and 40 years, these various stages of crack growth are comparable. Details that 
have no visible damage may have internal cracks that have not yet penetrated the web 
surface. 

Because the weld inclusions far exceeded the level of intemal discontinuities ihat are 
permitted at groove weld transverse to the bending stress field, the allowable design 
stress range is not applicable to these details. The design value is based on and as­
sumes normal fabrication conditions, which were not present (4). Hence, comparisons 
with past or present design conditions provide no insight into the performance of these 
joints. 

DISCUSSION OF TEST RESULTS 

Discussions of continuous steel girder bridges have been written by the designer of the 
Aguasabon River bridge (6, 7). He states that the splice plates are designed for 50 per­
cent of the capacity of the-steel girder (WF section). By current specifications , this 
value appears to be very low; a minimum of 75 per cent is now requir ed (2). 

Because in test 5B-48 the recorded stress was in excess of that required for yield, 
it is safe to assume that at least some of the residual strain recorded was due to plastic 
deformation in the splice material. This theory is further confirmed by tests made 
with precision dial gauges, which showed that the splice plates slide to a varying extent 
under a moving load and then hang up on rivets. It was when this movement was pre­
vented that the high stresses were recorded in the splice plate. 

The multigirder program requires inertia, torsional stiffness of the exterior girders, 
and diaphragm stiffness values as input to mathematically describe the structure. As 
might be expected, any variation in these parameters makes a significant change in 
computed deflections and moments. The first trial using inertias suggested by AASHTO 
provided poor agreement with the experimental deflected shape. However, by increas­
ing the inertias in the negative dead load bending moment region, the computed deflec­
tions approached the experimental cross-sectional average. The final inertias used 
corresponded to a fully composite deck throughout the length of the bridge, with 80 per­
cent of the slab width effective. Further variation of the floor beam stiffnesses and the 
torsional stiffness of the exterior girder would provide better transverse agreement. 
Correlation between experimental and theoretical moments was not consistent. Good 
agreement was obtained at midspan, and poor to fair agreement was obtained elsewhere. 
Figures 14 and 15 show the agreement obtained for test 5A-36 for both deflection and 
moment respectively. 

As many-:rs 20 br -dges-In the-1Jr ovince of Ontarto--wer e con·strircte-d i1rt1re late- 19408 
by using a design similar to that of the Aguasabon River bridge. Based on the tests, 
a thorough inspection and analysis of each structure were undertaken. Of these struc­
tures, seven were found to have substandard splices and nine were found to have weld 
details that were prone to fatigue cracking. Subsequently, all of the splices were struc­
turally reinforced and all of the suspect weld zones were repaired. 



Figure 12. Stress range histogram (smoothed). Figure 13. Assumed stages of crack 
growth. 

400 98 

~ 

9 
326 

a: 
< 300 w ,.. a 

I'! a: 
w ,,_ .. 
J; g~ 
i5 200 
a: 
w 

"' :E 133 ::> 
z IFITI 

100 
z 

0 -
.22 _67 1.1 2 

Table 4. Summary of 
estimated life. 

Figure 14. Deflected 
shape. 

Figure 15. Cross-sectional 
moment distribution. 

~60 

~ 
- OBSERVATION PERIOD "32 5 HRS 

268 
- 280 VEHICLES WITH E"r > 20µ. IN /IN 

- AN ESTIMATED 90,000 VEHICLES/YEAR 

WITH Sr > 06 KSI 

166 

88 

40 

l.!>S- 2.0 1 2.4 6 2 .90 3 35 3 .80 4 .2-4 s, (KSI) 

CLASS MARKS 

Initial Crack Initial Crack 
Cracking stage Size (in.) Radius (in.) 

Crack growth through web 0.25 
0.30 
0.32 

Crack growth through flange 1.40 
1.45 
1.50 

Note: 1 in. = 2.5 cm; 1 ksi = 6.9 MPa. 

" " 
stress Cycles 
(S<RMS = 1. 92 ksi) 

25, 360,000 
8, 175,000 
4, 500,000 

31, 700, 000 
26,200,000 
21, 400,000 

STAGE I 

BOTTOM 
FLANGE 

STAGE 2 

/ 
// BOTTOM 

,,.,,.... FLANGE 

Years to 
Achieve 

18.9 
6.1 
3.4 

23.6 
19.6 
16.0 

EAST P1ER EAST /1 NT 

06' 04' 02' 0 

0 TEST DATA 

- MULTI GIRDER 
PREDICTION 

;!O 

6000 

5000 

~ 4000 

!z 3000 
w 
~ 2000 
:E 

G TEST DATA 

- MULTI-GIRDER 
MOMENT 

0 

1000 . 

ot=::;:::======:::;:::======::;::::======~ 

NE NI SI SE 

0 



60 

CONCLUSIONS 

1. Throughout testing, commercial traffic using the structure consisted of a con­
sisted of a considerable number of six-axle vehicles with an estimated gross weight of 
112,000 lb (50 900 kg). With a 35 percent impact factor, these vehicles are imposing 
high cyclic stresses equal to or in excess of those in series 48 tests. Thus, the splice 
plates are damaged continually, which promotes crack growth and eventual failure. 

2. From the evaluation of the experimental data, fatigue failures at the vertical 
groove welds in the beam web were inevitable with the large weld inclusions fabricated 
into the structure. With proper welding techniques the fatigue strength of the structure 
would be more than adequate. 

3. A more detailed study of slab stresses could be carried out to better arrive at 
values of composite inertia. Slip between the steel and concrete could also be measured 
to provide a further check on the assumption of linear strain throughout the semicom­
posite section. 

4. To satisfactorily model the st:rnctural behavior under load required that a value 
of 80 percent effective width of the deck slab be assumed. This value was used through­
out the full length of the structure, even in the regions designed as noncomposite. This 
assumption could be substantiated by further tests of continuous structures with par­
ticular attention paid to slab and reinforcing steel stresses in the negative moment 
regions. 
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