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Composite Box-Girder Bridges

During Construction

Roger Green and David Strevel, Department of Civil Engineering,

University of Waterloo

A Yy, scale-model study of simple-span girders was undertaken to exam-
ine the effect of a typical construction loading on both single open-
section and quasi-closed-section girders and interconnected girders. De-
flections, distortion, and stresses resulting from the torsional loading on
these girder systems were observed. The response of an open, simple-
span girder, braced to minimize distortion, can be predicted with avail-
able theories for mixed torsion. A quasi-closed girder generally behaves
as a closed section and St. Venant shear stresses resist applied torsional
loadings. However, the quasi-closed girder was found to have only 40
percent of the theoretical torsional stiffness value. Studies of intercon-
nected boxes with end diaphragms and simple tie bracing at the one-third
span points indicate that simple tie bracing significantly reduces the
torsional rotation of open sections. This bracing can remain in place
without affecting the appearance of the girder system. Bracing is neces-
sary to maintain the stability of open sections during construction. Con-
sidering symmetry can help to minimize torsional construction loads on
individual girders. Geometrically and structurally stable configurations
can be designed for construction loadings by using simple bracing
schemes.

Composite steel-concrete box-girder bridges have been
favored in many locations in North America for
intermediate-span bridge structures since design pro-
cedures were outlined in the mid-1960s (1,2). Since
these design procedures were accepted, simple- and
continuous-span structures with individual spans varying
from 20 to 100 m have been used for river crossings and
grade separations at urban intersections.

The completed structure, which is aesthetically pleas-
ing, consists of steel box girders made composite with
a concrete deck slab. Economies in design are possible
because the completed box-girder section has a higher
torsional stiffness and a greater lateral distribution of
live load than an I-beam structure with similar flexural
strength. Additional economies are also possible in the
fabrication and erection of box girders, compared to
similar I-beam structures, because of the elimination
of much of the wind and transverse diaphragm bracing.

A number of cross-sectional geometries of the com-
pleted structure are possible; the number of girders can
vary from two to six or more depending on the plan ge-
ometry of the structure. Three typical cross-sectional
geometries for two-box-girder systems, with single and
double bearing arrangements and shallow and deep end-
support diaphragms, are shown in Figure 1. Typical
spacing of the centerline of the box girders varies from
4,3 to 6.7 m, and the depth of the cast-in-place concrete
deck varies from 190 to 250 mm. The ratio of dead-load
moment to live-load moment for box-girder structures
will thus depend on the cross section, the depth of the
deck, and the span arrangement chosen by the design
engineer.

Experience with the construction of box-girder sys-
tems has indicated that the design specifications of 1968
to 1973 (1, 2, 3) do not provide design or construction en-
gineers with sufficient guidance regarding the behavior
of thin-walled flexible box girders during construction.
The specifications do not clearly identify the need for
intermediate diaphragms or cross~-frames that would
retain the cross-sectional geometry of the girder during
fabrication and handling. Structural steel fabricators
have often added bracing within the girders, but calcu-
lation procedures allowing for the design of such bracing

are not given in the specifications or the design criteria
(1,2). The responsibility for the bracing of girders dur-
ing construction is frequently given to the general con-
tractor, who normally does not have access to the struc-
tural design calculations. Designing construction brac-
ing systems without referring to the original design cal-
culations can be difficult.

The current Canadian specification (4) does refer to
forces acting during the construction phase and indicates
that diaphragms (bracing) shall be used to cater for flex-
ural distortional and warping stresses. But selection of
calculation proeedures for the construction-phase loading
is left to the designer. This situation can lead to the use
of box girders with excessive bracing and thus result in
waste of material and labor.

Many of the construction difficulties mentioned above
appear to have arisen from a misapplication of research
data on composite box-girder systems. The research
data that support the current design specifications for
the analysis and proportioning of box-girder systems (5)
appear to apply only to the characteristics of live load ™
distribution for straight bridge spans of up to about 45 m.
Bridge models at one-quarter scale were considered in
the studies, but there was no consideration of dead-load
similitude. Thus, dead-load force effects in an equiv-
alent prototype structure were not fully represented in
the research nor in the subsequent specifications (l, 2, g).

This paper describes the possible loading configura-
tions present during construction on a thin-walled box-
girder system and examines the resulting stresses in-
duced in typical torsionally open and torsionally quasi-
closed box girders. The stress analyses are based on the
results of % scale-model tests supplemented by a mixed
torsion analysis of individual open and quasi-closed
box sections. A variety of bracing systems are dis-
cussed that will minimize the additional longitudinal
stresses caused by torsion in open box-girder systems.

NOTATION

The following notation was used in this study of con-
struction loading on box-girder bridges:

b = average width of girder

D = spacing of distortional bracing

e = eccentricity of loading with respect to center-
line of girder

e; = eccentricity caused by formwork
e, = eccentricity caused by finishing plant
e, = eccentricity caused by vertical load
e, = eccentricity caused by wind
h = height of girder
I, = moment of inertia about x axis
= moment of inertia about y axis
I, = sectorial moment of inertia
1, L. = span length
m = distributed torsional moment
m, = moment caused by concrete
m, = moment caused by formwork
m, = moment caused by vertical load
m, = moment caused by wind

W. = weight of concrete per unit length
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As part of the design process the design engineer selects
a sectional geometry and establishes the position of the
concrete deck relative to the centerlines of the individual
box girders and the complete box system. Two examples
of cross-sectional arrangements are shown in Figure 2.
In the concentric-loading case, the weight of the fresh
concrete results in only flexural stresses., The com-
pression flanges of each box girder require bracing to
avoid the lateral buckling that results from the combined
action of vertical load and the horizontal component of
the force in the web.

As a result of geometric or other constraints, the
designer may choose a cross-sectional geometry in
which the deck concrete gives rise to eccentric loading
of the individual girders in the simplified box-girder
structure (Figure 2). This case gives rise to a uni-
formly distributed load (W,) located at a transverse ec-

centricity (e) with respect to the centerline of individual
box girders and results in both flexural and torsional
loadings as shown in Figure 2.

The end reactions provide a restraint for shear
caused by the vertical loading. Restraint for the tor-
sional loading is also required and can easily be provided
as part of the design of end-support systems 1 and 2 in
Figure 1. The shallow diaphragm and single-support
case (end-support system 3 in Figure 1) requires special
design and detailing to ensure adequate strength and
stiffness for torsional loading.

Other construction loadings that give rise to predict~
able torsional effects during design include wind loading
of the exposed girders, the finishing machine, and the
formwork. Additional torsional loadings result from the
concrete-handling systems chosen by the general con-
tractor and the unsymmetrical placing of deck concrete.
These loadings can be minimized by careful specification.

Construction-stage loadings for a number of Canadian
box-girder bridges were examined. Typical vertical
loads resulting from concrete plus formwork were found
to be between 25 and 40 kN/m, and the horizontal loads
due to wind were found to be between 2 and 3.5 kN/m.,
These load types result in shear and bending moment
diagrams that have forms familiar to designers. The
flexural loads act eccentrically to the shear center .nd
give rise to torsional loading. The ratio (e,/b) of the
eccentricity of the vertical loads from the centerline of
the girder (e,) to the average girder width (b) varies
from 0 to 0.14 (the shear center lies on the axis of
symmetry). The analysis of the typical box-girder sec-
tions indicates that the vertical and horizontal loads and
associated torsional loads vary from structure to struc-
ture. The values of torsional loading are controlled by
the design engineer's choice of cross-sectional geometry,

MODEL STUDIES

A series of scale-model tests of thin-walled members
was initiated to develop a more complete understanding
of the distortional and warping stresses that occur in
eccentrically loaded box-girder systems during con-
struction. These tests relate to the response to flexural
and torsional loading of both single box girders and mul-
tiple interconnected box girders.

To establish the dimensions of the scale-model struc-
tures, the geometries of a series of prototype steel
box-girder bridges provided by the Canadian Steel In~
dustries Construction Council were examined; typical
ratios obtained for base width to height, top width to
height, and width to girder spacing are given in Table 1.
In addition, ratios of width or height to thickness were
also calculated for top and bottom flange plates and webs.
These data were used to proportion a cross-sectional
geometry representative of a typical structure with un-
stiffened webs (Figure 3). The cross-sectional geometry
of the resulting model structure, scaled to ‘%, is shown
in Figure 4. To develop this geometry it was necessary
to make minor adjustments to the results of the nondi-
mensional study of prototype structures.

Figure 5 shows the two types of box girders that were
developed by using the basic model geometry: (a) a
torsionally open section that included distortional brac-
ing to minimize possible cross-sectional distortion of
the model under the action of torsional load and (b) a
torsionally quasi-closed section, which was the result of
including top chord bracing in the model. The distor-
tional bracing was located at a spacing of three member
depths for both types of box girders (Figure 6) and is
representative of prototype structures (Table 1). The
plan arrangement of the top chord bracing for the quasi-
closed box girders is also shown in Figure 6. Rods were



Table 1. Typical prototype

irder
geometries of steel box-girder bridges. Span St
1 2 b h b/h ey ev/b Web
Bridge Type (m) (m) (m) (m) (m) (mm) Ratio Slope D/h
a c 42.4 42,7 2,06 1.68 1.23 - - 4.4/1 9.2
b e 64.0 7.7 2,67 2.90 0.92 172 0.064 4.2/1 2.9
e s° 63.4 - 2,01 2.01 1.00 120 0.060 4.3/1 3.9
d c 59.4 76.2 2.29 2.44 0.94 122 0.044 5.3/1 3.1
e & 2.7 - 2.19 1.62 1.34 254 0.116 4,6/1 4.4
[ c* 44.5 56.4 2.40 2.26 1.06 229 0.095 2.4/1 5.0
I oiy 61.0 85.3 2.21 2.49 0.89 343 0.138 6.5/1 -

®Continuous-span system,

Figure 3. Cross section of typical
prototype geometry derived from

Table 1.
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MODEL GEOMETRY

used throughout for the bracing members and were de-
signed by using a maximum slenderness ratio of approx-
imately 200, The models were carefully fabricated to
minimize distortion and imperfections caused by welding.
An aluminum jig was used to ensure that the desired
geometry was maintained (6),

The models have a span length of 2030 mm and a total
length of 2057 mm. The span-to-depth ratio of the sim-
ply supported system is approximately 27. The reaction
system provided at each end of the models (Section A-A
in Figure 7) consists of two load cells, a cross beam,
and a solid end diaphragm that allows for transfer of
shear forces from the webs of the model to the support
and retains the sectional geometry at the supports. The
load cells were located on the cross beam to coincide
with the axes of the top flanges of the model. The load
cells do not restrain flexural rotation or warping of the
section, but the end diaphragms do provide a restraint
on warping.

Loading was applied directly to the top flanges of the

bSimple-span system.

Figure 5. Open and quasi-closed members.
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model to simulate the effects of the placement of con-
crete deck. The load was applied to the model through
two sets of wiffle-tree systems arranged so that load
was distributed to 16 equal point loads on each flange.
The wiffle tree did not restrain horizontal displacement.
The intensity of this equivalent uniform load could be
varied between each flange so that the resulting line of
action of the total load is eccentric to the centerline of
the model and the eccentric loadings illustrated in Fig-
ure 2 can be modeled. For convenience, an eccentricity
of 25 mm was used in testing (Section B-B in Figure 7).

Models were instrumented with strain gauges at the
midspan and quarterspan points and with displacement
potentiometers at midspan. The strain gauges (Figure
7) allow longitudinal and transverse strain measurements
to be made, and the potentiometer readings yield verti-
cal and horizontal displacements as well as rotations of
the model.

Two series of model tests were: carried out to ex-
amine (a) single members under combined torsional and
flexural loading and (b) the response of interconnected
members when the loaded member was restrained by
bracing.

Response of Single Box Girders to
Eccentric Loading

Both the open and the quasi-closed members (Figure 5)
were studied under uniform eccentric loading. The ec-
centricity value chosen (25 mm) corresponds to an e,/b
ratio of 0,27, which is approximately twice the maximum
e,/b ratio noted for prototype structures during construc-
tion (Table 1).

Figure 8 illustrates the applied load versus midspan
rotation response for both the open and the quasi-closed
members. The location of the shear center (the center
of rotation) for both the open and the quasi-closed mem-
bers was found to lie outside the section and generally in
the position shown in Figure 8. This result was expected
for the open section; studies continue on calculation pro-
cedures for the location of the shear center of a quasi-
closed box section.

The load-rotation response (Figure 8) of the open sec-
tion is nonlinear but recoverable. The nonlinear re~
sponse results from the increase in the torsional load
resulting from the horizontal deflection of the relatively
flexible thin-walled open section and the corresponding
increase in torque (this is similar to the P - § effect in
eccentrically loaded slender columns). The initial por-

tion of the load-deflection curve of the open section cor-

Figure 8. Rotation versus applied load for model girders.
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responds to the first-order analysis value, and the
second-order analysis agrees favorably with the latter
portion of the curve when the additional torque caused by
the horizontal deflection of the member is included.

The load-rotation response of the quasi-closed mem-
ber is linearly elastic and indicates that the torsional
stiffness of this member is approximately 20 times that
of the open-section member. The theoretical stiffness
value for a quasi-closed section (8) is 50 times the open-
section value. A similar ratio for theoretical to ob-
served rotation has been observed for quasi-closed gird-
ers with span-to-depth ratios of 10 (7). Although the
torsional stiffness value of the quasi-closed section is
significantly larger than that of the open section, the
reasons for the stiffness value for the quasi-closed sec-
tion being less than the theoretical value are presently
being examined.

The open-section member is subjected to two types
of longitudinal stress: (a) flexural bending and (b) warp-
ing restraint., Because of the low torsional resistance
of an open section, torsion in sections similar to that
shown in Figure 4 is carried primarily by restrained
warping. For the model section, the loading pattern,
and the span studied, the total torque is resisted by both
the warping restraint (warping torsional moment) of 85
percent and a St. Venant torsional moment of 15 percent,
The longitudinal stresses developed by the warping tor-
sional moment are significant for the extreme case of
e,/b =0.27. Calculated values based on analyses de-
veloped by Vlasov (8) and Kollbrunner and Basler (9)
were outlined by Harris (10). The results obtained from
the mixed torsion analysis compare closely with Harris'
observed values.

The longitudinal stress results for the quasi-closed
section are basically those predicted by elementary beam
theory. The quasi-closed section acts as a closed sec-
tion and the torque is resisted by a St. Venant torsional
moment.

Prototype Response

Because the results obtained from the model studies do
not apply directly to a prototype structure, the prototype
section (Figure 4) was analyzed for combined vertical
concrete and formwork loading to develop an understand-
ing of the stresses and displacements that might develop
in such a structure. An eccentricity ratio (e,/b) of 0.15
was used to determine an eccentricity of 285 mm for the
vertical 1oad {rom the cenieriine.

Section properties for the prototype span are as fol-
lows: Shear center distance below the geometric cen-
troid = 1550 mm, I, = 5.58 (10'°) mm®, I, = 1.13 (10")
mm®, and L, = 1.69 (10*) mm®. These properties were
used in a mixed torsion analysis to give the following
deformations caused by the eccentric line load (e, = 285
mm) of 30 kN/m over an unsupported span length of
39.6 m: Midspan rotation = 0.0674 rad, midspan verti-
cal deflection = 81 mm, and top-flange horizontal de-
flection at midspan = 157 mm. Girder movements of
such a magnitude during construction would be unac-
ceptable to the design engineer. Bracing of the tor-
sionally open girder is necessary. The horizontal dis~
placement of such a girder would be reduced by approx-
imately Y if the eccentrically loaded open-gection box
girder were converted to a quasi-closed system or if the
midspan section were restrained from rotating by suit-
able bracing.

Values for bending, warping, and total longitudinal
stresses are shown in Figure 9 (in megapascals) for the
loading case considered. The flexural longitudinal
stresses are amplified appreciably when the open-section
member is eccentrically loaded without intermediate



Figure 9. Longitudinal stress values for typical prototype structure.
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bracing within the span. An analysis of horizontal wind-
force effects assumed a horizontal wind load of 1.2 kPa
on the vertical face of the girder. The maximum wind
stress is 20 MPa, approximately one-quarter of the
gravity load bending stress. Wind-induced rotations are
approximately one-third of the eccentric gravity load
rotation.

Interconnected Model Box-Girder Studies

A series of tests was carried out on the box-girder ar-
rangements shown in plan form in Figure 10. These
were

1. A pair of connected open girders,

2. An open girder connected to a quasi-closed girder,
and

3. A pair of connected open girders braced to a
quasi-closed girder.

In each case one open box girder was loaded eccentri-
cally and connected to the adjacent member(s) at the
third points by a simple bar (Figure 10). Diaphragms
were provided at the support points to ensure an adequate
torsional restraint at the supports.

The loading case considered in Figure 10 assumes
that only one girder is eccentrically loaded and that ad-
jacent girders are subjected to a nearly concentric load-
ing. The simple tie will not provide any restraint to
torsional loading for the case of two connected open
girders if the girders are eccentrically loaded so as to
rotate in the same direction.

Figure 11 shows relative horizontal displacements
measured at the elevation of the top flange for a single
open and a single quasi-closed box girder as well as for
three interconnected cases. Even in the case of two tor-
sionally open box girders, a positive structural connec-
tion between two such girders will reduce horizontal
displacements caused by eccentric loading. These hori-
zontal displacements are reduced by more than 15 for
systems that incorporate a single quasi-closed box girder
as part of the multigirder system,

The single-tie bracing was chosen as the simplest and
cheapest torsional restraint. Such a member may be re-
tained in a completed structure without influencing the
appearance.

DISCUSSION OF RESULTS

The rotation and horizontal movements observed during
the construction of box girders that form part of a com-
posite box-girder bridge structure can be attributed to
a variety of torsional loadings, the sources of which in-
clude the concrete deck, wind, the finishing equipment,
and the formwork. A torsional restraint at the supports
is thus necessary to ensure overall stability of the mem-
ber during construction. Additional bracing will fre-
quently be necessary to minimize later movements and
to ensure that large stresses are not built into the box-~
girder system. A similar conclusion was reached by
Poellot (11).

Bracing should be supplied for a torsionally open
cross section during construction to ensure that hori-
zontal movements and associated longitudinal warping
stresses are minimized. A number of possible bracing
schemes are shown in preliminary form in Figure 10,
and the relative deformations of these schemes under
torsional loading are shown in Figure 11,

CONCLUSIONS

The probable causes of torsional loading of composite



box-girder bridge structures during construction have
been discussed. These torsional loadings can be identi-
fied at the design stage so that structures with adequate
torsional restraint at the supports can be proportioned
by the design engineer. Model studies were supple-
mented by the results of mathematical analyses to pre-
dict the response of torsionally open and torsionally
quasi-closed sections to combined flexure and torsion,

Bracing is obviously required between supports to
maintain the stability of open-section members during
construction., Geometrically and structurally stable
configurations can be designed for construction loadings
by using a variety of simple bracing schemes.
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Effects of Diaphragms on Lateral
LLoad Distribution in Beam-Slab

Bridges

Celal N. Kostem, Lehigh University

Ernesto S. deCastro,* Phillipine Construction Consortium Corporation,

Quezon City

The effect of diaphragms on the lateral distribution of live load in simple-
span beam-slab bridges with prestressed concrete I-beams and without
skew is presented. The computer-based analysis used the finite-element
method for two previously field-tested bridges with span lengths of 21.8
and 20.9 m (71.5 and 68.5 ft). The first part of the investigation

dealt with the extent of the participation of the midspan diaphragms in
lateral load distribution. It was found that the reinforced-concrete mid-
span diaphragms contribute only about 20 to 30 percent of their stiffness
to load distribution. In addition, when all design lanes are loaded the
contribution of the diaphragms is negligible. The second phase of the
research dealt with the effect of the use of multiple diaphragms on lateral
load distribution. Numerical comparisons were made for cases in which
the superstructure had a midspan diaphragm and diaphragms at third,
quarter, and fifth points. When the vehicle was located so as to produce
maximum bending moment in the bridge, it was found that the increase
in the number of diaphragms does not necessarily correspond to a more
even distribution of loads at midspan. It was also found that, if all the
design lanes are loaded, the contribution of diaphragms is negligible
regardless of the number of diaphragms used.

Lateral distribution of live load in simple-span beam-
slab highway bridges with prestressed concrete I-beams
and without skew is one of the critical aspects in the
design of these bridge superstructures. Until recently
provisions for load distribution were far from realistic
(g, 3, 6). Recent investigations have refined provisions
for the lateral distribution of live load not only in right
bridges but in skewed bridges as well (3,6). One of

the major design issues for bridge engineers, however,
remainsg unresolved: the contribution of midspan
diaphragms (or third-span, depending on the span length)
used in highway bridges.

This paper, which provides a summary of the findings
of an extensive analytical research project on load dis-
tribution in beam-slab bridges (3), including sufficient
qualitative information for use by designers, attempts
to answer two basic questions:



1. In existing bridges with diaphragms, do the dia-
phragms fully participate in the lateral load distribution ?
2. If the number of diaphragms is increased, will
this lead to more uniform lateral distribution of loads
at maximum moment section ?

The studies used two beam-slab bridges with prestressed
concrete I-beams. These bridges had previously been
field tested by using a simulated HS20-44 vehicle that
traversed several lanes, and the findings were reported
(1, 2). Thus, before the research reported here was
begun, sufficient experimental information was available
to assess the reliability of a finite-element analysis.
The diaphragms, because of their placement in the
bridge superstructure, required the development of a
detailed finite-element analysis scheme and a computer
program as well as pilot studies that would verify that
the results of the computerized analysis corresponded
to actual results (4, 5).

TEST BRIDGES

The following basic bridge configurations were used in
the study:

1. Lehighton Bridge—a six-beam bridge with a span
length of 21.8 m (71.5 ft), a roadway width of 10.98 m
(36 ft), and a beam spacing of 2.06 m (6.75 ft).
PennDOT 24/45 beams were used. The superstructure
had the standard safety curb and parapet on only one
side. Diaphragms made of reinforced concrete, with
dimensions of 254 by 711 mm (10 by 28 in), were lo-
cated at midspan (2).

2. Bartonsville Bridge—a five-beam bridge with a
span length of 20.88 m (68.5 ft), a roadway width of
9.75 m (32 ft), and a beam spacing of 2.44 m (8 ft).
AASHO-II beams were used. Diaphragms made of
reinforced concrete, with dimensions of 228 by 963 mm
(9 by 34 in), were located at midspan. The structure
had a safety curb and parapet on both sides (1, 6).

It should be noted that field testing of the bridges was
not carried out within the framework of the reported
research; the available data were only used to initiate
the studies.

In all the analytical studies the standard HS20-44
vehicle was placed near the midspan of the bridge to
produce maximum bending moments at the midspan.
The analysis was then repeated by moving the vehicle
laterally to simulate the effects of different lane load-
ings.

EFFECTIVENESS OF DIAPHRAGMS

In the actual bridge structure, the diaphragms are mono-
lithic with the slab but are not fully continuous over the
beams. The curbs, according to construction practice,
are not made fully integral with the deck slab, and the
parapets have a number of gaps along the span. Thus
only a portion of the diaphragm section and the curb
and parapet sections can be considered effective. Be-
cause the analytical studies indicated that a partially
effective curb and parapet, whose cross-sectional area
is 50 percent of the actual area, closely approximates
bridge behavior (6), only half the area of the curb and
parapet sections was used throughout this investigation.
In determining the effective section of the diaphragms,
the bridge superstructures were first analyzed by means
of truck loads on different lanes of the bridge that used
the full diaphragm cross section. The resulting maxi-
mum moment was then used to compute the effective
moment of inertia as defined by Section 9.5.2.2 of the

American Concrete Institute (ACI) code (7). The ef-
fective moment of inertia for the Lehighton Bridge is
computed to be 40 percent of the gross moment of in-
ertia. Reanalysis has indicated that this percentage is
still high. It is therefore estimated that only 25 to 35
percent of the gross moment of inertia participated in
the lateral distribution of the live load (3).

The Bartonsville Bridge was also analyzed by using
diaphragms that were 40 and 20 percent effective.
Figure 1 shows a good agreement for 20 percent ef-
fective I» (diaphragm composite moment of inertia).

In this and the following figures, moment coefficient is
the term used to denote the percentage of the total
midspan moment carried by each beam. Further in-
vestigations, details of which are not included here,

have indicated that the diaphragm is about 20 to 30
percent effective when all design lanes are not simul-
taneously occupied by the appropriate vehicles. If all
design lanes are loaded, however, the contribution of the
diaphragms in lateral load distribution is negligible (_§).

Little is known about the effect of several lines of
diaphragms across the span of a bridge superstructure.
To investigate this, one, two, three, and four lines of
diaphragms were used with a bridge that had dimensions
similar to those of the Lehighton Bridge (Figure 2). For
comparison purposes the same bridge was also analyzed
without diaphragms. The influence lines for moment for
five different cases are shown in Figure 3. Figure 4
shows the corresponding distribution factors for dif-
ferent beams and diaphragm arrangements. On the
right side of Figure 4 s/k is shown; s is the beam
spacing in feet and k = 5.5, the value specified in the
current Standard Specifications for Highway Bridges of
the American Association of State Highway Officials
(AASHO) (8). (The AASHO values for load distribution
are empirically derived in customary units; therefore,
no SI equivalents are given.) The figure indicates the
discrepancy between the distribution factor used in de-
sign and the actual behavior of the bridge with or with-
out diaphragms. As the figure indicates, the bridge is
assumed to have three traffic lanes (also referred to
as design lanes). Because of the lane widths and the

Figure 1. Influence lines for moment for Bartonsville
Bridge with partially effective diaphragms (beam B).
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Figure 2. Diaphragm locations in six-beam bridge.
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Figure 3. Influence lines for moment for six-beam
bridge with and without diaphragms (beam C).
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Figure 4. Distribution factors in six-beam bridge with
and without diaphragms for one, two, or three loaded
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Figure 5. Distribution factors in six-beam bridge with
and without diaphragms for one or two loaded lanes.
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curb-to-curb width of the bridge, the lane locations are
predefined. The maximum response can be achieved by
simultaneous loading of either some or all of the lanes.
The analysis was also carried out for the same bridge
for two adjacent lanes that can be moved in the trans-
verse direction so as to obtain the maximum response
for each beam. The results are shown in Figure 5.
The difference in lateral load distribution for three-lane
versus two-lane loading is marginal. The investigation
was further extended to single-lane loading by position-
ing the lane so that maximum response was obtained for
a given beam. The process was repeated for all the
beams. Inspection of the results for the three-lane
and two-lane cases (Figure 6) indicates that there is no
noticeable change in the influence of diaphragms on lat-
eral load distribution.
The following conclusions can be made.

1. For interior beams, the midspan diaphragm is the
most effective arrangement for distributing load. The
least effective arrangement is to use diaphragms at
quarter points.

2. For the exterior beam, a larger participation in
the distribution of load is induced by using diaphragms
at quarter points.

3. In contrast to general belief, the contribution of



Figure 6. Distribution factors in six-beam bridge
with and without diaphragms for one loaded lane.

Variable Lane
e w——

IO TEND [ A ¢

Spon L 21,64 m
200 Beam Spacing 2.18m
Roadway Width 10.97m
Design Lanes 1@ 366m Wide
1,60
o (o1 without Diaphragms
e [01 one Line of Diaphragms at L./2 —15/80
) [2] Two Lines of Diaphragms at L/3 ~15/65
& L20/=  [3] Three Lines of Diaphragms ot L/4 ~—|5/60
g [@] Four Lines of Diaphragms at L/5 —8/70
E —{s/a0
° 080 OB EG
&
1] 1|z
5 ° 331 lo[Tle[]5
040—
(o]
A B C
Note: 1m=330 BEAM

diaphragms to lateral load distribution is marginal re-
gardless of the loading pattern.

APPLICABILITY OF FINDINGS

Although the types of bridges and loadings considered

in this study may appear to restrict the applicability of
the findings to only a limited number of bridges, the re-
sponse of bridges with different span lengths and beam
spacings will probably not vary substantially from the
response of those investigated (3, §). The scope of the
study was not wide enough to permit the development of
formulas to determine the participation of diaphragms
in lateral load distribution. That would require a de-
tailed parametric investigation.

Pilot studies have indicated that the response of
bridges with moderate skew, i.e., a skew between 90°
and 60° (90° being that of the right bridge), is very
similar to that of right bridges. The findings reported
here can thus be applied to bridges with moderate skew
as well as to continuous right bridges (3). However, ex-
trapolating the findings to simple-span or continuous
bridges with large skew, e.g., a skew of less than 45°,
would not be prudent.

CONCLUSION AND RECOMMENDATIONS

Midspan diaphragms are not fully effective in the lateral
distribution of live load for beam-slab bridges with typi-
cal dimensions and construction details such as those
encountered in design and construction practice. If
more diaphragms are used and evenly spaced along the
length of a bridge, the increase in the number of dia-
phragms does not necessarily correspond to a more
uniform distribution of the load at maximum moment
sections. Regardless of the extent of their participa-
tion or of how many of them are used, diaphragms

make only a marginal contribution to the lateral dis-
tribution of live load. Finally, when all design lanes
are fully loaded, the diaphragms do not contribute
noticeably to the lateral distribution of live load; that

is, the performance of the structure is analogous to
that with no diaphragms.

This research has demonstrated that midspan dia-
phragms do not perform up to the expectations of bridge
designers in the lateral distribution of live load. Further
studies should investigate the cost-effectiveness of
diaphragms to decide on their future use or discontinuance.
It is generally believed that diaphragms can be an im-
portant factor in the uniform distribution of load when a
superstructure is subjected to vehicle overload. This
intuitive design rule must be verified before any dis-
continuance of the use of diaphragms in the future.
Further studies should also consider the contribution
of diaphragms to the response of bridges with large
skew and continuous construction.
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Survey of Field and Laboratory Tests

on Bridge Systems

Hota V. S. GangaRao, Department of Civil Engineering, West Virginia University

Field and laboratory tests were conducted on the behavior of several
short-span bridge systems: orthotropic deck; composite box girder; com-
posite U-beam superstructure; precast, prestressed concrete deck planks;
and concrete box girder. The results are critically reviewed from the
viewpoint of fabrication, erection, performance, and first cost. Because
the test results consistently proved that the current AASHO transverse
load distribution factors are very conservative, tentative distribution fac-
tors are suggested for the interior and exterior girders of bridges with
two or more lanes.

Systems construction may be defined as a schematic
technique for a well-conceived, mechanized operation
that uses optimal sizes of mass-produced structural
components and requires minimal field labor (i.e.,
makes efficient and maximum use of available human
and material resources). It may be described as a con-
cept that signifies the thinking and operation process of
which the structure is a part. The process consists of
an interrelation of function, design, production, erec-
tion, and economics in which flexibility of arrangement
is one of the most important criteria. Terms such as
prefabrication, industrialized building, and modular
construction are also used to describe these aspects.

Because the systems construction of bridges is dif-
ferent from conventional construction methods, exten-
sive research and development and large-scale field
testing are required to (a) develop speedy, economical,
foolproof methods of construction by assembling various
components on a "'streamline’ basis; and (b) ensure that
the response of the final assemblage should be at least
as good as that of a monolithically built bridge structure.
In addition, adequate constraints based on theoretical
criteria and previous experience, which are contained
in national building codes, are needed to ensure safety
and satisfactory serviceability of a new bridge system.

The most important objective of this paper is to ex-
amine the behavior of several superstructural bridge
systems tested in the field and the laboratory. In addi-
tioii, basic limitations on and possibie modifications of
bridge~-system construction are discussed in relation to
fabrication, transportation, erection, performance, and
first cost. The discussion is limited to short-span
bridge superstructures [3 to 23 m (10 to 75 ft)] that
lend themselves to a modular type of construction. Al-
though many excellent sources exist on the general sub-
ject of bridge testing (b 6, Lﬂ), a literature review is
not attempted here because most of these publications do
not deal with systems concepts of bridges.

TESTS

Tests were performed on the following modular bridge
units: (a) orthotropic deck systems; (b) composite box-
irder systems; (c) composite U-beam superstructure;
d) precast, prestressed concrete deck planks; and (e)
concrete box girders. The tests and their results are

discussed below.

Orthotropic Deck Systems

In 1964 Bethlehem Steel Corporation built an experi-
mental bridge at its Sparrows Point, Maryland, site (ﬁ,
24). The system used a basic modular unit with the deck

assembly and main girder, Dimensgions of these units
varied from 6 to 24.4 m (20 to 80 ft), in increments of

3 m (10 ft). Figure 1 shows details of the system. A
gimilar system with two continuous spans (Figure 2) was
built by the Michigan Department of State Highways as a
part of Crietz Road over 1-496 (18).

In this research the static behavior of a single unit of
the Bethlehem Steel bridge was studied by placing the
unit in a test rig in the laboratory. The entire width of
the deck assembly acted uniformly in resisting overall
bending in the unit, and the field test results showed
how the wheel-load distribution factor varied with the
width of ihe bridge. For example, the distribution
factor was reduced from 97 to 68 percent of the
American Association of State Highway Officials
(AASHO) code value (2) by doubling the width of a single
deck unit. In addition, test results revealed that the
number, the type, and the positioning of vehicles had an
influence on the distribution factors. In the field tests
critical stresses were observed at the bottom of a longi-
tudinal rib that was passing over the floor beam. A
comparison of computed and measured strains and de-
flections of various components such as main girders,
ribs, floor beams, and deck of the Crietz Road bridge
indicated that the design assumptions are very conserva-
tive and that all the measured values are well below the
calculated ones. For example, the maximum calculated
transverse strain and relative deflection in the deck,
based on the uniform wheel-load distribution over a rec-
tangular area, were about 700 gm/m (gin/in) and 1,52 mm
(0.06 in) respectively, whereas inthe test results they were
of the order of 100 pm/m (gin/in) and 0.25 mm (0,01 in),

It is interesting to note, from tests on the Bethlehem
Steel bridge, that dual-tire stresses are about 14 percent
less thanthe theoretical values computed from the design
manual of the American Institute of Steel Construc-
tion (3). However, single-tire stresses were about 8
percent higher than theory. A similar phenomenon
was observed in the case of the Crietz Road bridge. The
impact factor for the girders of the Bethlehem Steel sys-
tem was found to be about 0.1, whereas the AASHO
code (2) specifies a value of 0.3. However, the impact
factor Tor the deck and the floor beams directly under
the wheel agreed with the AASHO specifications. A
similar trend was noted in the Crietz Road bridge: Dy-
namiec runs at speeds of about 30.2 km/h (20 mph) gave
peak strains and deflection values approximately 10 to
15 percent higher than the static readings.

Although the field performance of asphalt surfacing
with epoxy membrane in the Bethlehem Steel system was
reported to be satisfactory over a 3-year period, recent
reports, including the Crietz Road bridge records (18),
have proved that the wearing surfaces in general did not
function satisfactorily. However, a comprehensive study
by a Pennsylvania firm on the performance aspects of
wearing surfaces revealed that rubberized asphalt sur-
facing with epoxy membrane performed well during field
and laboratory testing. The product is supplied only by
Adhesive Engineering Company of San Carlos, California,
and the complete installation costs may vary from $30 to
$33/m® ($36 to $40/yd®. Additional information on
paving practices for wearing surfaces on orthotropic
steel bridge decks can be found elsewhere (18).
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Composite Box-Girder System

Figure 3 shows a general view of a bridge with a com-
posite box-girder system as well as the details of a two-
lane, 24.4-m (80-ft) span prototype system with three
box units and a corresponding quarter-scale model. The
bridge was designed (12) for an HS20-44 loading with a
distribution factor of §/6.5, instead of S/5.5 as suggested
by AASHO (2) (S is defined as the girder spacing in feet).
(The AASHO values for load distribution are empirically
derived in customary units; therefore, no SI equivalents
are given.)

The model was tested under concentrated loads and
for simulated truck loads. Transverse influence lines
for midspan deflection and the average strain (at the
bottom plate) of each girder were constructed from these
load tests. When test results were compared against
the folded plate theory, based on Fourier series expan-
gion, there was good agreement. According to Johnston
and Mattock (12), the calculated transverse distribution
of loads was in close agreement with the measured dis-
tribution. Theyv also found that the measured maximum
loads carried by exterior and interior girders were
equivalent to the load distribution factors of §/6.91 and
S/6.48 respectively, which agreed closely with the as-
sumed distribution factor of S/6.5. Finally, Johnston
and Mattock concluded that the transverse load distribu-
tion factors derived from the AASHO code were very
conservative and that the most economical composite
box-girder arrangement was one box-girder system for
each lane of traffic.

U-Beam Superstructure System

A composite U-beam bridge superstructure was developed
in the United Kingdom as well as in the United States.
Typical cross-sectional details of the test specimens are
shown in Figure 4. The Missouri system developed in
the United States (20, 21) was tested with single and mul-
tiunit beams for single concentrated load as well as sim-
ulated AASHO HS20-44 truck loads. Field tests of the
multiunit British system (8, 14) were conducted for ec-
centrically loaded HB vehicles. Single-unit test re-

sults—i.e., continuous and linear strain distributions
through the depth of the test specimens at various load
levels and deflections based on an idealized composite
action of the Missouri system (19)—indicated complete
composite action between the U-beam and the cast-in-
place deck.

The Guyon-Massonnet load distribution theory (16)
was used to predict lateral distribution of moments and
deflections of the multiunit system. The measured and
calculated results are given by Salmons and Mokhtari
(21). As was observed in earlier investigations, the
distribution characteristics were found to change with
the position of the applied load. The maximum wheel-
load distributions from the tests were compared with the
distribution factors from the AASHO code, and it was
found that the AASHO code results were very conserva-
tive. Since the multiunit system was tested to failure,
Salmons and Mokhtari (21) have observed ductile behav-
ior of the whole unit in which the ultimate deflection was
more than 20 times the elastic deflection.

As a result of extensive experimental and theoretical
invegtigation of the U-heam system, Cusens and Rounds
(10) recommended for design purposes the finite strip
method, which, when it was compared with the load dis-
tribution method or the orthotropic theory, was found to
be accurate and economical. Cusens and Rounds ob-
served initial cracking and final collapse at 1.68 and 3.73
times the design loads respectively, and the crack pat-
tern indicated effective distribution of the load between
the girders. In addition, transverse load distribution
through the top slab, taken from the strain readings be-
tween the slab and the beam webs, appeared to be ade-
quate. However, the authors recommend further ex-
perimental work to study the effectiveness of various
types of beam-slab joints and their influence on the over-
all behavior of bridges.

In spite of a detailed cost analysis by Salmons and
Kagay (20) that found the U-beam system to be econom-
ical for 10 to 24.4-m (30 to 80-ft) span ranges, recent
correspondence with the Missouri State Highway Com-
mission revealed that, because this system is not eco-
nomically competitive with some of the existing ones, its
use has been discontinued.
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Figure 5. Typical elevation and cross
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Precast, Prestressed Concrete Slab Units

A system of precast, prestressed concrete slab units
placed on stringers has been found to be feasible and
easy to erect compared with conventional methods. Two
such systems were built in 1970 on Ind-37 and Ind-140
(14); the cross-sectional details for the slabs are shown
in Figure 5. Features common to both bridges included
the following:

1. Precast slabs as long as the road width and 2.4-m
(8-ft) sections were placed on longitudinal stringers.

2. A tongue and groove shear keyway ran the entire
width of the slab to join individual units. Joints were
sealed by bonding a 0.16 x 12.1-cm (0.06 x 4.75-in) neo-
prene strip that ran along the slab joint.

3. Slab units were anchored to the girders by 115-
RE-F railroad clips and 1.91-cm-diameter (0.75-in)
bolts.

4, After slab units were placed on stringers, they
were posttensioned along the bridge length and anchor
bolts were tightened at a specified torque level.

Cracks running transverse to the slabs appeared near
the joint during and after posttensioning operations as a
result of irregularities in the slab crown section that
caused poor fit between adjacent units and possibly be-
cause of the application of excessive prestressing force.
Although the Indiana systems seem to have performed
well over a 4 or 5-year period, the following mainte-
nance problems were noted:

1. Leaking of joints—Of two kinds of joint sealants,
Dupont's Imron sealant proved to be superior to the lig-
uid polyurethane sealant. It was advised that the manu-

facturer's directions be carefully followed during the
application of the joint sealant.

2. Loosening of bolts—Bolts clamping slabs to beams
worked loose. They had originally been tightened to
67.75-J (50-ft-1b) torque; they were retightened to a
torque of 169,37 J (125 ft-1b).

To alleviate the spalling of concrete near the joint,
three different joint configurations, shown in Figure 6,
were tested in the laboratory under repeated loads; the
joint type recommended is shown at the bottom of the
figure. The bearing was limited to the flat center por-
tion of the joint, which eliminated the spalling of corners.
Joint sealant of sufficient thickness was provided in the
gap above and below the flat center part of the joint to
prevent leakage of water.

Concrete Box-Girder System

A large number of reinforced or prestressed concrete
box-girder bridges were built in California and Penn-
sylvania during the past decade (9) because they had
proved to be durable and economical, particularly in
spans of 18.3 to 30.5 m (60 to 100 ft). Since the con-
struction of a number of these systems in the state of
California, an extensive investigation has been conducted
on the structural behavior of the two-span, reinforced-
concrete, box-girder bridge model (5,23). Details of
the model are shown in Figure 7. ~ ~

Three different analytical methods were used to
mathematically model the multicell box-girder system.
The modeling approach is based on idealizing the system
into one- and two-dimensional elements and solving for
the displacements and forces within the elastic range by
finite-element techniques (15,17). Scordelis and others
(23) concluded that the transverse distribution of the
total moment at a section, in terms of percentage to each
girder, was predicted accurately at working stress levels
for single point loads and uniform loads across the width
of the bridge. Although premature failure was observed
in the undiaphragmed span, both undiaphragmed and dia-
phragmed spans exhibited excellent load distribution
characteristics under ultimate load conditions with a
factor of safety of four against live load overloads. The
magnitude and distribution of live load deflections were
also predicted accurately when theoretical values based
on uncracked sections were multiplied by a factor of
about 1.5 to account for cracking (15). Interestingly,
the total reaction and the total moment at any section
were found to be independent of the transverse position
of the point loads.

LOAD DISTRIBUTION FACTORS

The AASHO code (2) recognized through experimental
results that the transverse load distribution of a stan-
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Figure 7. Dimensions and cross section of box-girder bridge model.
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dard slab-stringer system is different from that of a CONCLUSIONS

spread box system, a composite box-girder system, or
even the multibeam superstructure system. However,
a comparison of experimental distribution factors with
those from the orthotropic theory and the harmonic
analysis revealed no consistent agreement with either
one of the analytical methods (22). This is substantiated
by the fact that the experimental and AASHO load dis-
tribution factors of a two~-lane bridge are 2.54 and 1.76
respectively (22). In addition, test results for a three-
span, two-lane bridge (13) yielded a maximum distribu-
tion factor of 0.389, whereas the AASHO distribution
factor for a corresponding two-lane bridge was 1.667,
Variation of the transverse load distribution factor
with a2 nondimensional flexural parameter (), based on
existing experimental information, is plotted in Figure
8 (25). The distribution factor varies exponentially with
) for interior girders, and the same variation is a con-
stant of 2.13 for exterior girders. Because the distribu-
tion in Figure 8 does not represent a wide range of sys-
tems or types of construction, a simple mathematical
relation can be suggested only after conducting additional
tests. It should be noted that, for composite steel box-
irder bridges, the value of I; in the flexural parameter
) is computed by idealizing the box as two wide-flange
sections in which half of the bottom-flange effectiveness
goes to each wide-flange unit.

Test results for orthotropic bridge systems revealed
that dual-tire stresses are less severe than those caused
by single tires and that the impact factor for girders was
about one-third of the suggested AASHO value although
the local effects on the deck and the floor beams reached
about 30 percent of the equivalent static load. Precast,
prestressed concrete slab units appeared to lend them-
selves to renovation of commonly built deck-stringer
bridges. However, a special joint with a flat center
portion between the precast units was found to be essen-
tial to preventing spalling during posttensioning opera-
tions.

Laboratory tests of composite and all-concrete box-
girder systems indicated a better transverse load dis-
tribution relative to the other systems discussed. In
addition, the box system, as observed in service in
states like Pennsylvania and California, was found to be
durable and economical. Although the concrete U-beam
girder system with cast-in-place deck provided complete
composite action and behaved as a box system, its use
has been discontinued for economic reasons. The ex-
perimental results yielded better transverse load distri-
butions for deck length-to-width ratios of the order of
1:2. The transverse distribution was also found to be a
function of the number, the type, and the positioning of



loads. Finally, exponential variation of the transverse
load distribution factor with the flexural parameter ())
is tentatively suggested for interior girders, and a con-
stant distribution factor of 2.13 is recommended for ex-
terior girders.
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Highway Bridge Vibration Studies

John T. Gaunt, Trakool Aramraks, Martin J. Gutzwiller, and Robert H. Lee,

Purdue University

The results of acceleration studies of highway girder bridges are presented.
Deflection limitations and maximum span-depth ratios used in present
bridge design codes do not necessarily ensure the comfort of bridge users.
Vertical accelerations have been shown to be significant in producing ad-
verse psychological effects on pedestrians and occupants of stopped ve-
hicles. The effects on bridge accelerations of major bridge-vehicle param-
eters, including the properties of the bridge and the vehicle as well as the
initial conditions of the roadway, were investigated analvtically and com-

pared to criteria for human response. Numerical solutions are obtained
from a theory in which the bridge is idealized as a plate continuous over
flexible beams for simple-span bridges and as a continuous beam with
concentrated point masses for two- and three-span bridges. The vehicle
is idealized as a sprung mass system. The results indicate that, for simple-
span bridges, accelerations that might psychologically disturb a pedes-
trian are primarily influenced by bridge-span length, vehicle weight and
speed, and especially roadway roughness. Less significant factors are
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girder flexibility and transverse position of the vehicle. For the two- and
three-span continuous bridges studied, roadway accelerations exceeded
the recommended limit for comfort only when the effects of surface
roughness were included.

This investigation is aimed at obtaining a better under-
standing of highway bridge vibrations by studying the ef-
fects of varying some of the parameters of the vehicle-
bridge system. It is hoped that the results of the study
will ultimately be useful in establishing design criteria
that will directly regulate dynamic response character-
istics.

Dynamic response is not specifically mentioned in
current bridge design codes (1). Instead, deflection lim-
itations and maximum span-depth ratios are specified in
the hope of controlling vibrations; these code provisions
do not, however, attack the problem directly. Other ef-
fects, such as acceleration and jerk, are known to be
more significant than maximum deflection in producing
adverse psychological reactions to bridge vibrations
(complaints of disturbing bridge motions come primarily
from pedestrians and from persons in halted vehicles).

The economical use of modern, high-strength steels
may also be hindered somewhat by present code limita-
tions if the design is controlled by deflection rather than
strength requirements. Significant savings might be pos-
sible in the design of high-strength steel girder bridges
if the somewhat arbitrary restrictions were replaced by
dynamic response criteria.

The dynamic response of both simple-span and two-
and three-span continuous-girder bridges has been in-
vestigated. The most successful recent analytical
studies are those by Oran and Veletsos (2) for simple-
span highway bridges and Veletsos and Huang (3, 4) for
multispan continuous highway bridges. The computer
programs developed by these researchers have been
used, with some minor modifications, in this study.

Several reports (5, 6,7, 8,9) have discussed criteria
for human response to vertical vibration. The report
by Wright and Walker (5), which summarizes the effects
of bridge flexibility on human response, suggests that
human sensitivity to vibrations is most closely related
to acceleration in the usual frequency range for multi-
beam highway bridges. Because most tests of vertical
vibration perception have been conducted for harmonic
vibrations, Lenzen (7) has suggested that the tolerance
level he multiplied by a factor of 10 for shart-duration
peak accelerations, Wright and Walker (5) suggest a
maximum acceleration magnitude of 2.54 m/s ?100 in/s?®
for comfort.

Because of the strong relation between acceleration
and vibration perception, this study focuses on the vari-
ation of maximum bridge accelerations with significant
bridge-vehicle parameters such as girder span and flex~
ibility, vehicle weight and speed, axle spacing, and
roadway roughness.

SIMPLE-SPAN BRIDGES

Method of Analysis

The method of analysis used in this paper for the dy-
namic response of simple-span, multigirder highway
bridges was developed by Oran and Veletsos (2). Their
computer program has been modified somewhat for this
study to provide more acceleration information and to
increase the capabilities for both input and output.

In this analysis the bridge is represented as a plate
continuous over flexible beams. Both bending and tor-
sional stiffnesses of the beams are considered, but
composite beam-slab action is not. The major steps of

the analysis are (a) determining the instantaneous values
of the interacting forces between the vehicle and the
bridge and the inertia forces of the bridge itself and (b)
evaluating the deflections and moments produced by these
forces. The second step, which is a problem of statics
alone, is solved by a combination of energy principles
and the Levy method of analysis for simply supported
rectangular plates. Vertical deflections are represented
in the form of a double Fourier sine series. The solu-
tion has been shown to converge fairly rapidly so that
only a limited number of terms are required.

Strain and potential energy of the system are written
in terms of the deflections. Enforcing the condition that
the total energy must be a minimum yields a set of equa-
tions for determining the Fourier coefficients, which can
then be substituted into the appropriate moment and de-
flection expressions.

In the dynamic analysis, the mass of the slab is as-
sumed to be uniformly distributed and the mass per unit
length of each beam is assumed to be constant. The ve-
hicle is represented by a single-axle, two-wheel loading
that consists of a sprung mass and two equal unsprung
masses. The springs are assumed to be linear elastic
and to have equal stiffnesses. Damping has been ne-
glected for both the vehicle and the bridge. The vehicle
is assumed to move at constant velocity. The dynamic
deflection configuration of the structure is represented
by a Fourier series with time~dependent coefficients.

Again the total energy of the system can be written
in terms of the displacement coordinates and their de-
rivatives., Dead load deflections and unevenness of the
roadway surface are included in the appropriate energy
terms. The equations of motion are formulated by ap-
plying Lagrange's equation.

The procedures used to evaluate the dynamic response
of the bridge-vehicle system can be summarized as
follows:

1. The governing differential equations of motion
are solved by means of a step-by-step method of numer-
ical integration to determine the generalized coordinates
and their first two derivatives. The time required for
the vehicle to cross the span is divided into a number of
small intervals, and the governing equations are satisfied
only at the ends of these intervals by means of an itera-
tion scheme,

2. The interacting forces between the vehicle and the
hridge and the inertia forceg of the hridge are evalnated,

3. The dynamic deflections and the bending moments
induced in the bridge are determined from the dynamic
forces acting on the bridge.

Acceleration Studies

The purpose of this investigation is to study the major
parameters that affect the accelerations of simple-span
highway bridges under moving loads. The study is based
on the previously described analysis method and com-
puter program. Bridge data were taken from Standard
Plans of Highway Bridge Superstructures of the U.S.
Bureau of Public Roads (10). The study is restricted to
steel I-beam bridges with noncomposite reinforced con-
crete decks. The effect of side curbs is not taken into
account,

Parameters that affect bridge accelerations can be
classified as (a) bridge parameters, such as beam span
and stiffness; (b) vehicle parameters, such as velocity
and transverse position of the wheels; and (¢) construc-
tion parameters, such as roadway roughness. The ac-
curacy of the analysis depends, of course, on such solu-
tion parameters as the number of terms chosen for the
deflection series expressions and the number of integra-



tion steps. For the simple-span bridge study, satis-
factory convergence was obtained by dividing the time
required for the vehicle to cross the span into 400 inte-
gration steps. The total computer time required to ob-
tain the response of a bridge with a span of 18 m (60 ft)
is approximately 150 s on a CDC 6500 computer.

Bridge Parameters

The effect of span length on maximum midspan accelera-
tions is shown in Figure 1. The bridges are standard
designs for an HS20-44 loading with a 13-m (44-ft) road-
way width. Six steel beams support the 190-mm (7.5-in)
reinforced concrete deck. Beam sizes range from
W21x62 for the 6-m (20-ft) span to W36x300 for the 21-m
(70-ft) span. Corresponding fundamental bending fre-
quencies are 16 and 4 Hz.

The vehicle is represented by a single-axle, two-
wheel, 32 667-kg (72 000-1b) loading that moves across
the span at a constant velocity of 96 km/h (60 mph), The
stiffness of each tire spring is 1051 kN/m (6000 1bf/in).
Unsprung loads and damping are neglected. As the ve-
hicle travels along near the edge of the bridge, the in-
side wheel is over beam 2. The exterior beams are
shown to have somewhat higher midspan accelerations
than the interior beams. Figure 1 also shows a definite
increase in maximum accelerations for the standard
bridge designs as the span is decreased.

Figure 2 shows the variation of the midspan acceler-
ation of each beam as the vehicle crosses an 18-m (60-
ft) span. Accelerations of beam 1 and beam 6 are out
of phase all the time, Note that the maximum accelera-
tion of beam 1 occurs when the vehicle enters the span
but the maximum acceleration of beam 6 occurs when
the vehicle is at midspan or leaving the bridge.

Current bridge specifications attempt to control vi-
brations by limiting the maximum live load deflection,
which may unjustly penalize designs that use more flex-
ible, high-strength steel beams. Figure 3 shows
the variation of maximum midspan accelerations as
beam stiffness is reduced. The basic design uses five
W36x230 A36 steel beams. Equal strength can be pro-
vided by five W36x182 A572-50 beams. Although the
maximum acceleration increases somewhat as stiffness
is reduced, the relation is certainly less severe than an
inverse proportion.

Vehicle Parameters

It is well known that vehicle speed has a strong influence
on bridge vibrations. In Figure 4 maximum midspan ac-
celerations for a five-beam bridge are plotted versus ve-
hicle speed. Bridge accelerations are almost directly
proportional to vehicle speed over the indicated speed
range.

The effect of the transverse position of the vehicle on
a five-beam, 18-m (60-ft) span bridge was studied by
determining the maximum midspan accelerations for six
cases. Resulis indicate that the accelerations of the edge
beams are greatest when the vehicle travels along the
edge of the roadway and tend to decrease when the vehi-
cle travels near the centerline of the bridge. In con-
trast, center-beam accelerations increase as the vehicle
moves toward the centerline and are slightly larger than
edge-beam accelerations when the vehicle straddles the
centerline. In most practical situations, however, edge-
beam accelerations are larger than those of the interior
beams.

Surface Roughness

Several test reports (1_1_, 12, _1_3_) have indicated that sur-
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face roughness is a very significant factor affecting the
vibration of highway bridges. These reports have rec-
ommended that the bridge surface should be as smooth
as possible. For all of the results previously reported
here, the bridge surface was assumed to be smooth.
Surface roughness is assumed to be represented by

Figure 1. Maximum
midspan accelerations
for simple-span steel
beam bridges.
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some number of half sine waves passing through the sup-
ports. Both the number of half sine waves and the am-
plitude can be varied. It is assumed that the shape and
the amplitude of bridge surface roughness are the same
under both wheels of the vehicle,

Figure 5 shows the results of determining the maxi-
mum midspan accelerations for 0 to 19 half sine waves
of 13-mm (0.5-in) amplitude roadway roughness. ain,
a 32 667-kg (72 000-1b) vehicle traveled at 96 km/h (60
mph) near the edge of the roadway on a five-girder, 18-m
(60-ft) span bridge, It is evident that the accelerations
are not influenced by up to 3 half sine waves of rough-
ness; however, the effect increases markedly when the
number of half waves exceeds 5 and reaches its peak
when the surface roughness consists of 12 half sine
waves. For the two peaks at 7 and 12 half sine waves,
the times required for the vehicle to cross a single
roughness wave correspond fairly closely to the first
two natural frequencies of the bridge. The maximum
accelerations for a rough roadway surface are as much
as five times those for the same bridge with a smooth

Annle

1,
ucuon,

Of course, the probability of a perfectly periodic
deck roughness is rather small for a real bridge. But
the significance of the effect is obvious. For the nearly
resonant condition, maximum accelerations are approx-
imately proportional to the amplitude of the surface
roughness.

CONTINUOUS-BEAM BRIDGES

Method of Analysis

A general theory for the analysis of continuous bridges
was developed by Huang and Veletsos (Ei)' The com-
puter program used in this study, which was developed
by Huang (g), was previously used by Nieto-Ramirez
and Veletsos (15) in an extensive study of the dynamic
response of three-span bridges. Application of the pro-
gram here is limited to two- and three-span symmetric
beam bridges.

In this analysis the bridge is idealized as a single,
continuous beam and the resulting system, which has an
infinite number of degrees of freedom, is replaced by a
discrete system with a finite number of degrees of free-
dom by replacing the distributed mass by a series of
concentrated point masses and considering the beam
stiffness to be distributed as in the original structure.
Dridge dainping is assuwmed Lo be of the absolute viscous
type and is approximated by dashpots located at mass
coordinate points. The analysis is based on ordinary
beam theory and neglects the effects of shearing defor-
mation and rotary inertia.

Because the bridge has been idealized in this analysis
as a single beam, the rolling effect of the vehicle cannot
be considered. Even when it is treated as a plane sys-
tem, however, a vehicle is a complex mechanical sys-
tem. In this analysis a tractor-trailer vehicle is rep-
resented by a three-axle load unit that consists of two
interconnected masses (Figure 6). Each axle is repre-
sented by two springs in series and a frictional mecha-
nism that simulates the effect of friction in the suspen-
sion system. The second spring is active only when the
axle force exceeds the limiting friction value. Viscous
damping is neglected.

Writing the equations of motion for the vehicle and the
concentrated masses of the bridge yields a set of simul-
taneous, second-order differential equations, equal in
number to the number of degrees of freedom of the
bridge-vehicle system. These equations are solved by
a numerical integration scheme in which the evaluation
of the interacting forces between the bridge and the ve-
hicle is a major intermediate step. As the integration

of the differential equations is carried out, the values of
all coordinates, accelerations, and interacting forces
are determined. Values of corresponding deflections
and moments at any section can then be determined by
statics.

Acceleration Studies

Both two- and three-span symmetric, continuous-girder
bridges have been studied extensively (16); because the
results are similar, only two-span bridges will be dis-
cussed here. Bridge data are again those of the U.S.
Bureau of Public Roads (10), and the study is restricted
to steel continuous-beam bridges with reinforced con-
crete decks. Unless stated otherwise, the roadway sur-
face is assumed to be smooth.

The accuracy of the analysis now depends on the num-
ber of lumped masses chosen as well as the number of
integration steps. Good stability of the solution was ob-
tained by dividing the time required for the vehicle to
cross the bridge into 2000 integration steps. The bridge
was imodeled by luinping the inasses atl the quaiter and

midpoints of each span, as suggested by Huang (_4~).
Bridge Parameters

Figure 7 shows the maximum nodal accelerations for
three standard-design bridge spans. The roadway width
is 13 m (44 ft) and the 190-mm (7.5-in) slab is supported
by six rolled steel beams. Bridge damping is taken as
2 percent of critical damping. The vehicle is an HS20
three-axle truck moving at a speed of 96 km/h (60 mph).
As in the case of simple-span bridges, higher accelera-
tions occur on the shorter spans. Maximum accelera-
tions for two-span bridges were found to be about 1.5
times larger than those for three-span bridges of equal
span length. Highest accelerations occur in the simple~
span bridges.

The effect of varying girder stiffness was investigated
for a bridge with two 18-m (60-ft) spans. Although the
results shown in Figure 8 are somewhat irregular, max-
imum accelerations for that bridge would not be signifi-
cantly increased by replacing the A36 beams with smaller,
high-strength steel beams. The important point here is,
of course, that deflection control is not directly related
to vibration control.

Figure 5. Acceleration
versus roadway
roughness for
simple-span bridge.
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Vehicle Parameters

The values for the geometric, mass, and suspension
parameters of the vehicle model were chosen to make
the model closely represent a typical, heavily loaded
tractor-trailer. The spacing of the tractor axles, al-
though taken to be 3.7 m (12 ft), might be considered
variable. As shown in Figure 9, the maximum acceler-
ation for two 18-m (60-ft) spans occurs when the trailer
axle spacing is about 8 m (25 ft) or 0.42 times the span
length. The critical axle spacing ratio for three-span
bridges is 0.37 to 0.43.

A comparison of maximum accelerations was also
made by using one-, two-, and three-axle vehicle models.
Maximum accelerations were about the same for two-
and three-axle vehicle models, but they were about two-
thirds of the magnitudes produced by the single-axle
model. As in the case of simple-span bridges, a marked
increase in acceleration with vehicle speed was found.

Maximum accelerations were also computed for dif-
ferent values of frequency ratio (the ratio of the natural
frequency of the vehicle on its tires to the natural fre-
quency of the bridge). Generally, the magnitudes of ac-
celerations at the nodes were about the same for all val-
ues of frequency ratio although the midspan accelerations
were slightly higher when the vehicle and the bridge had
the same natural frequency.

A real vehicle is likely to be oscillating somewhat as
it enters a bridge because of irregularities in the ap-
proach pavement and a possible discontinuity at the abut-
ment. The most significant parameter for representing
initial oscillations is the initial-axle-force variation (C,),
The initial axle force is equal to (1 + C,) times the static
force. Figure 10 shows maximum nodal accelerations
for four values of C,. The same C, value is assumed for
each axle., According to Nieto-Ramirez and Veletsos
(15), €, =0.15 might correspond to a 3-mm (0,125-in)
pavement irregularity and C, = 0.50 might represent a
large discontinuity at the abutment. It can be seen that
the initial oscillation causes a 30 to 50 percent increase
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Figure 9. Acceleration @
versus axle spacing for
two-span bridge.
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in maximum acceleration for this bridge-vehicle system,
which is assumed to have a smooth deck surface. An
investigation that considered a phase angle difference
between initial oscillations of the trailer axles found

that maximum accelerations varied less than 20 percent.

Surface Roughness

All of these two-span studies assumed a smooth
bridge-deck surface. The effect of surface roughness
has been investigated for a standard design bridge with
two 18-m (60-ft) spans that was loaded by an HS20 truck.
The deck surface was represented by an integral number
of half sine waves. The influence of roadway roughness
is shown in Figure 11, With four half waves of rough-
ness in each span, the frequency of oscillation of the
interacting forces is close to the fundamental natural
frequency of the bridge and the nearly resonant response
occurs, Thus, for both simple and continuous bridges,
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surface roughness seems to be the most significant fac-
tor affecting roadway accelerations.

CONCLUSIONS

Analytical studies have shown that the significant pa-
rameters that influence bridge accelerations are vehicle
speed and weight, bridge-span length, and surface
roughness. Maximum acceleration levels were found
to be rather high for typical simple-span bridges; how-
ever, accelerations for two- and three-span continuous
bridges exceeded the suggested comfort limit only when
severe effects of surface roughness were included.
Current specifications attempt to control bridge vi-
brations by limiting girder flexibility., In this study,
only a small increase in maximum acceleration resulted
when girder flexibility was increased by replacing A36
beams with smaller, high-strength steel beams. Thus,
using more efficient, high-strength steel designs may
be possible without adversely affecting user comfort.

The aid of W. H., Walker of the Civil Engineering De-
partment of the University of Illinois in making available
the computer programs used in this study is gratefully
acknowledged. This analytical study is a part of the
Joint Highway Research Project, Bridge Vibration
Studies, which involves the cooperative efforts of the
School of Civil Engineering of Purdue University and the
Indiana State Highway Commission. The research is
being carried out under the sponsorship of the Federal
Highway Administration, U.S. Department of Transpor-
tation.
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LLoad Distribution on a Timber-Deck

and Steel-Girder Bridge

Marvin H. Hilton, Virginia Highway and Transportation Research Council,

Charlottesville

L. L. Ichter, David W. Taylor Naval Ship Research and Development Center,

Washington, D.C.

Some general studies, as well as investigations of load
distribution, have been conducted on timber bridges (l,
2,3,4). Most of this research has concerned structures

with timber decks and timber girders. A laboratory

study conducted by Agg and Nichols (5) was concerned

with wood floors on steel floor joists. The study re-
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ported here deals with the load distribution on an in-
service bridge with a timber deck and steel girders.

Note: 1 mm = 0.04 in. Lugs (Typical)

DESCRIPTION OF TEST STRUCTURE

The test bridge was a 7-m (23-ft) wide by 14.8-m (48.5-
ft) long simple-span structure that conforms to the Vir-
ginia standards for wooden floor-steel beam bridges de-
signed for H20 loading. Figure 1 shows the standard
fasteners with which the nominal 127 x 254-mm (5 x 10-
in) floor planks are attached to the steel girders. The
fastener bolts are inserted through predrilled holes in
the planks and locked to the upper flange of each girder
in the staggered arrangement shown in Figure 2. The
deck floor is covered with a 19-mm (0.75~in) bituminous
wearing surface,

The superstructure of the bridge is composed of 14
21WF68 steel beams spaced 0.5 m (19.75 in) apart on
centers for the interior bays and 0.6 m (24 in) apart on
centers for the first two exterior bays on each side of
the span. Only 6 of the 14 girders are anchored to the
abutment seats; all others simply rest on the abutment
beam seats.

INSTRUMENTATION AND LOADING

Strain gauges were applied to 8 of the 14 girders at mid-
span. The structure was loaded with a truck that simu-
lated the type 3 loading designated by the American As-
sociation of State Highway and Transportation Officials
(AASHTO) (6). The type 3 loading has a total weight of
20.9 Mg (237tons); the truck used in this study weighed
20.6 Mg (22.7 tons). The distance between the front and
the first rear axles of the truck, however, was 0.51 m
(1.67 ft) shorter than the 4.57 m (15 ft) designated for
the type 3 load. Thus, for the span investigated, the
loading used produced midspan moments in the girders
that were very close to those that would be developed by

actually applied versus 285 174 N.m (209 774 1bf «ft) for
type 3. It should be noted that the type 3 loading, unlike
other types of legal loadings, will develop the maximum
moment in a 14.8-m (48.5-ft) bridge span.

The study determined the stresses in the steel girders
that resulted from various loading sequences, Load
distribution characteristics of the structure were de-
termined under varying conditions with loosened floor
fasteners. More details on the instrumentation, the
type of loading, and the test procedures are available
in another report (7).

RESULTS

I all of the live load moment developed by the line of

the wheels of the test vehicle were carried by a single
girder with no lateral load distribution, a stress of

126.5 MPa (18 350 Ibf/in%) would be developed in that
member. Considerable lateral load distribution takes
place, of course, and it was found that the highest
stresses developed on the interior girders of the bridge
were on the order of 41.4 MPa (6000 1bf/in®) or less.

The highest stress developed for all of the lateral axle
positions used on the span was 49.8 MPa (7220 Ibf/in’);
this occurred at an exterior beam when the fasteners on
the four adjacent girders were loosened and the tread of
the nearest tire was 51 mm (2 in) from the curb. In this
case the resultant of the load (placed on the bridge by the
two wheels of one side of a rear axle) would fall midway
between the exterior and the first interior girders, which
are spaced 0.6 m (2 ft) apart,

Figure 3 shows the midspan stresses on the lower
flanges of the steel girders for conditions in which floor
fasteners were tightened and loosened. These data show
the following results.

1. The live load stresses resulting from the truck
loadings are laterally distributed in a reasonably con-
sistent manner, even when the fasteners are loosened.

2. The live load stresses in the steel girders are
reasonably low. Although design stresses must include
dead load and impact, the maximum stress recorded on
the interior girders was only 31 percent of the 138 MPa
(20 000 1bf/in®) allowable for A36 steel. In most in-
stances the maximum stresses recorded for the interior
girders were on the order of 25 to 30 percent of the al-
lowable total.

3. Loosening of the deck plank fasteners does not
have a very significant effect on either the magnitude or
the lateral distribution of the stresses.

LOAD DISTRIBUTION FACTORS

The current practice of the Virginia Department of High-
ways and Transportation is to distribute the live load
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moments to the interior girders of all timber-deck
bridges by using a factor of S/4, where S is the spacin,
in feet between adjacent girders specified by AASHO ( %
(because the AASHO values for load distribution are
empirically derived in customary units, no SI equiva-
lents are given), The live load ig digtributed to the ex-
terior girders by using the reaction of the wheel load ob-
tained by assuming the flooring to act as a simple beam
between the exterior and the first interior girders.

Load Distribution to Interior Girders

The load distribution factor of S/4 was found to be con-
servative in all cases for the interior girders. The
highest load distribution to interior girders was de-
veloped by loading both lanes of the two-lane bridge.
The highest load distribution factor obtained from the
data would yield an equivalent formula of S/5.12. Con-
sidering the remaining lower stresses obtained in the
investigation, the denominator of the formula would be
larger. These data suggest that, for 127-mm (5-in)
thick timber-deck bridges such as the SS-4 Virginia
standard structure investigated, a distribution factor
for the interior girders of S/5 would be adequate for
legal limits.

Load Distribution to Exterior Girders

The load distribution factor determined for the exterior
girders by proportioning the load as the reaction of a
simple beam between the exterior and the first interior
sll UTLD wad 1LUUulIl LU NT ulaucqu.a.u: 411 DUVLILT L1IDLALIUTD ..
Specifically, the Virginia procedure used to evaluate the
exterior girders calls for positioning the resultant of the
wheel line 0.55 m (18 in) from the curb, which corre-
sponds to the study loading position in which the nearest
tire tread is 191 mm (7.5 in) from the curb. By using
the simple-beam assumption, a distribution factor of
191/609 (7,5/24), or 0,315, would be obtained. Movin
the loading position from 191 to 51 mm (7.5 to 2 in
from the curb changes the calculated simple-beam dis-
tribution factor from 0.315 to 0.50 and the actual factor
from 0.343 to 0.39. Thus, for the 140-mm (5,5-in) lat-
eral change of wheel-load position, the actual change in
load distribution was much less than that calculated by
the procedure for simple-beam reaction. Because the
0.343 and 0.39 factors can be transformed respectively
to S/5.38 and §/5.08, a general distribution factor of
S/5 could be used. An analysis of other loading positions
in the area between the first and second girders suggests
that the use of a distribution factor of S/5 would be more

realistic than the current procedure used for exterior
girders.
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Dynamic Properties of Beam-Slab

Highway Bridges

Celal N. Kostem, Lehigh University

Determination of the dynamic response of bridges has
been of interest and concern to engineers for more than
three-quarters of a century (4) primarily because of the
need to define the amplification of the static response of
bridges caused by moving vehicles. This has tradition-
ally been accomplished by oversimplifying the bridge
superstructure into an equivalent beam and thus ignoring
the high internal indeterminacy of the superstructure.
Equivalent-beam modeling encouraged the use of the im-
pact factor or the dynamic load factor in obtaining
dynamic response.

Refined analytical studies on simple-span beam-slab
highway bridges with prestressed concrete I-beams and
without skew have indicated that the true dynamic be-
havior of the bridge superstructure can be simulated by
finite-element modeling of the total superstructure (_3_).
The studies have also indicated that one of the major
benchmarksin the differentiation of the dynamic responses
of various bridges is the correct determination and com-
parison of the predominant natural periods of vibration
of the superstructure (3, 4). Full-scale field studies
carried out on a limited number of bridges have resulted
in experimental determination of the first natural pe-
riod of vibration of bridge superstructures (5). Bridge
engineers have been able to make only limited use of the
test results because of the limited variation in the major
design dimensions of the field-tested bridges: Another
bridge with different design dimensions could have a
substantially different period of vibration. Before the
start of the parametric study reported here, the natural
vibration periods obtained in field test were recomputed
by means of the finite-element method, and good cor-
relation was observed (3).

DESIGN AND ANALYSIS OF BRIDGES

Eighteen simple-span beam-slab bridges with pre-
stressed concrete I-beams and without skew were
designed to represent bridges of this type encountered in
the field (6). The design dimensions of the test bridges
are given in Table 1. The beams used in the design pro-
cess correspond to the standard beams used in the state
of Pennsylvania. Table 2 gives the stiffness properties
of the beams. Although the study used only 18 bridges,
previous investigations (2) have indicated that this is a
sufficient number if the sample structures are carefully
chosen so0 that they closely approximate the dimensions
of existing bridges. The results presented here can be
applied to bridges of other dimensions through interpola-
tion and engineering judgment (E).

In defining the dynamic characteristics of the bridges,
the superstructures were simulated by using the finite-
element method. The bridge superstructure was con-
sidered an assemblage of plate bending and beam ele-
ments. The analysis was performed by using the SAP
IV program (1). Only the first three natural periods of
vibration of the superstructures are presented here,
partly because of space limitations but also because
three periods are sufficient to illustrate the dynamic
properties of the bridges. It should be noted that the
periods reported here are the natural periods of the
bridge; that is, no vehicle is assumed to be on the
bridge. The periods of bridges loaded with vehicles will

not, however, be substantially different from those given
here. The vibrating mass of vehicles is small compared
to the mass of the bridge superstructure. These periods
can thus be used with good reliability to approximate
loaded periods for long-span bridges and with decreasing
reliability as span lengths get shorter.

RESULTS

Natural periods of vibration for the three predominant
mode shapes are given (in seconds) below. In this and
the following table, Ti1, T2, and Ts denote the first, sec-
ond, and third natural periods respectively.

Period (s)
Bridge T, T, Ts
1 0.066 0.059 0.048
2 0.077 0.064 0.052
3 0.075  0.069 0.063
4 0.082 0.073 0.063
5 0.075 0.068 0.064
6 0.082 0.077 0.070
7 0.134 0.114 0.076
8 0.109 0.095 0.071
9 0.136 0.126 0.106
10 0.116 0.106 0.093
1" 0.138 0.132 0.120
12 0.120 0.114 0.105
13 0.181 0.157 0.098
14 0.160 0.139 0.095
15 0.177 0.166 0.140
16 0.165 0.152 0.131
17 0.180 0.172 0.158
18 0.168  0.159 0.145

Although there is a substantial change in the design di-
mensions of the bridges, the variation in the first natu-
ral period of the bridge superstructures is not highly
sensitive to the major changes in the design dimensions.
For a given span length, the first natural period of vi-
bration tends to remain relatively constant. It can thus
be concluded that the first mode of vibration and the cor-
responding period are primarily a function of the span
length of the bridge superstructure.

The equivalent-beam approach uses the following for-
mula to predict the natural periods of vibration of the
bridge superstructure:

T; = (2n/A) VMILA/EI m
where

M = beam mass per unit length,

L = beam length,

E = beam modulus of elasticity, and
I = beam moment of inertia.

The coefficient A, is used to obtain different natural pe-
riods (4). The values for the first three periods are A; =
9.87, Az = 39.5, and As = 88.9.

In using the equivalent-beam approach for beam-slab
bridges, it is assumed that the beams are the predomi-
nant load-carrying system. In computing mass and in-
ertia properties, only the beams are considered. Using
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Table 1. Design dimensions of test bridges.

Slab Beam Number
Span Width  Thickness Spacing of
Bridge (m) (m) (mm) (m) Beams Beam
1 12.20 7.93 190 1.46 6 1
2 12.20 8.46 203 2.44 4 1
3 12.20  13.57 190 1.60 9 1
4 12.20  14.02 215 2.56 6 1
5 12.20  19.05 190 1.66 12 1
6 12.20  19.51 215 2.61 8 1
7 19,82 7.93 190 1.46 ) I
8 19.82 8.38 203 2.44 4 v
9 19.82  13.41 190 1.60 9 m
10 19.82  13.95 215 2.56 6 v
11 19.82  18.90 190 1.66 12 I
12 19.82 19.44 215 2.61 8 v
13 27.44 7.17 190 1.46 8 v
14 27.44 8.38 203 2.44 1 v
15 27.44  13.41 190 1.60 9 VI
16 27.44 13.87 203 2.56 6 il
17 27.44 18.90 190 1.66 12 VI
18 27.44 19.36 203 2.61 8 v
Note: 1 m=3.28 ft; 1 mm = 0.0394 in.
Table 2. Stiffness properties of beams.
Maximum Minimum St. Venant
Moment Moment Torsional
of Inertia of Inertia Area Stiffness
Beam (mm?) (mm®") (mm?) (mm*) Notation"
1 13.66 (10°) 2.66 (10°) 234 (10°) 3.81 (10°)  PDT20/30
n 31.66 (10°) 7.74 (10°) 397 (10°) 13.35 (10°)  PDT24/36
i 34.69 (10°) 10.36 (10°) 443 (10%) 17.65 (10°) PDT26/36
v 71.96 (10°) 8.37 (10°) 457 (10°) 13.04 (10°)  PDT24/48
v 88.50 (10°) 8.98 (10°) 492 (10°) 14.64 (10°) PDT24/51
VI 106.33 (10°) 9.59 (10°) 526 (10°) 16.52 (10°) PDT24/54
Vi 195.87 (10°) 15.87 (10°) 675 (10°) 23.00 (10°)  PDT26/63

Note: 1 mm?*=2.4 (106} in*; 1 mm? = 0.0015 in?
= From Standards for Bridge Design of Pennsylvania Department of Transportation {6).

this concept and the formula given above yields the nat-
ural periods given in the table below.

Period (s)
Bridge T, T, Ts
1 0.163 0.041 0.018
2 0.194 0.049 0.022
3 0.167 0.042 0.019
4 0.202 0.051 0.023
5 0.169 0.042 0.019
6 0.203 0.051 0.023
7 0.337 0.087 0.038
8 0.256 0.064 0.029
9 0.326 0.082 0.037
10 0.263 0.066 0.030
1 0.329 0.082 0.037
12 0.507 0.127 0.057
13 0.398 0.099 0.045
14 0.329 0.083 0.037
15 0.377 0.094 0.042
16 0.333 0.083 0.037
17 0.379 0.095 0.043
18 0.334 0.084 0.037

A comparison of the data in the preceding table, for true
periods, and those in the table above, for approximate

periods, indicates that substantial discrepancies exist in
all values. It can thus be stated that the equivalent beam

defined by the above approach will yield incorrect results.

Another approach used to define equivalent-beam prop-
erties has been to consider the full slab and the beams in
the definition of the appropriate values. This corre-

sponds to the assumption that bridge beams will essen-
tially act like T-beams, the slab width being the spacing
of the beams. The use of Equation 1 for this assumption
results in a first period of vibration that is close to the
true periods; however, unacceptable differences still
exist in the higher natural periods. Thus, if it is nec-
essary to find the first period of vibration of the beam-
slab bridge superstructure, fully acceptable results can
be obtained by using the equivalent-beam approach and
the appropriate formula and assuming that both the beams
and the bridge deck will fully participate through their
contributions to stiffness and mass.

CONCLUSIONS

The dynamic or vibrational characteristics of beam-slab
bridge superstructures can be predicted and compared
by use of predominant natural periods of vibration. The
parametric study indicated that

1. Thefirstnatural period of bridgesispredominantly
dependent on the span length,

2. The dynamic characteristics of bridges vary as
bridge configurations change,

3. The first natural period of bridges, regardless
of the bridge configuration, does not vary substantially
for a given span length,

4. The use of the equivalent-beam approach with the
correct formula and the correct stiffness and mass con-
tributions results in an accurate estimate of the first
natural period of vibration of the structure but in poor
estimates for all other dynamic properties of the struc-
ture, and

5. The contribution of the slab should be included in
the estimation of the dynamic characteristics of bridge
superstructures.
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Portable Recorder for Bridge Stresses

Mark W, Williams, Norton and Schmidt Consulting Engineers, Kansas City, Missouri
James W. Baldwin, Jr., Department of Civil Engineering, University of Missouri—

Columbia

Development and operation of a portable instrument for recording strain
events in bridges under field-service conditions are described. The instru-
ment consists of a transducer, which is clamped to the flange of a bridge
by four allen screws; a set of mechanical counters driven by electronic
logic circuitry; a battery pack; and a tamper-proof enclosure. As much
as 80 d of continuous operation can be realized before batteries must be
serviced. Each counter is incremented every time the strain reaches the
triggering level selected for that counter. Triggering levels are selected to
be distributed over a range slightly greater than the strain range expected
in the bridge. For the usual case, in which the triggering levels are all in
the elastic range, a simple hand calculation will produce a stress histogram
from the counter readings. The theory and a procedure for predicting
bridge life from the collected data are also presented. Results of a short
field test indicate that the instrument provides a practical and economi-
cal means by which relatively unskilled personnel can collect stress-
history data.

In recent years, limited field studies (1,2,3,4,5,6, 7,

8,9, 10) have indicated that actual service stresses in
highway bridges may be far below the calculated maxi-
mum stresses for which bridges are designed; many
more data are needed, however, before conclusions can
be drawn as to whether present design criteria can or
should be revised.

Field studies of service stresses now require a sub-
stantial amount of expensive equipment and skilled re-
search personnel. Unfortunately, these studies have
been limited, by expense, to observations of a relatively
small number of bridges for relatively short periods
of time. Clearly, there is a need for a more economi-
cal means of data collection that will allow studies to
be performed on a much wider variety of bridges for
much longer periods of time,

Availability of the instrument described in this paper
will make it possible for highway department personnel
to collect and interpret, on the spot, load-history infor-
mation from a variety of bridges at a relatively low
cost, In addition to determining the actual service
stresses in bridges, the instrument could also be used
to observe (a) the long-range trends of traffic volume,
(b) the effectiveness of weigh stations, (c) the effects
of changes in legal weight limits, and (d) the presence
of overweight vehicles in areas where there are no weigh
stations or at times when such stations are closed.

THEORY OF OPERATION

Fatigue Considerations

Most recent load-history studies have incorporated a
fatigue analysis based on collected data, which requires
knowledge about the behavior of the particular material
under fatigue loading and the important parameters that
govern this behavior., Fisher and others (13) conducted
in-depth studies on fatigue with respect to weldments
on steel beams and concluded that stress range alone
is the dominant variable in fatigue analyses of structural
steel bridges. Fatigue curves for a variety of struc-
tural details have been developed from the accumulated
data. These curves are represented by a linear log-log
relation between the stress range (Sr) and the cycles

to failure (N). The stress range, as defined by Fisher
and others (13), Douglas (5), and Munse and Stallmeyer
(12), is taken as the algebraic difference between the
maximum and minimum stress values from each loading

cycle.
ure 1.

A typical stress or strain trace is shown in Fig-

Construction of Histogram

Load histories are generally collected as an analog re-
cording that is subsequently processed through an
analog-to-digital converter. Then the maximum and
minimum stress values are determined from the digital
record and are combined to obtain the stress range. The
data are subsequently grouped in discrete intervals from
which the frequency of occurrence of stress ranges within
each interval may be determined. The result of this
procedure, represented graphically, is known as the
stress-range-frequency histogram (5). Figure 2 shows
an example of such a histogram.

Assume that a series of counters is introduced in
place of the sophisticated system of data acquisition,
Each counter is incremented when the stress level
reaches a preselected value, as shown in Figure 3. A
given counter cannot be incremented again until the
stress level has gone below some preselected value near
zero. For the single cycle shown, counters 1 to 4 are
each incremented once, Counters 5 and 6 are not in-
cremented because the analog signal representing the
strain trace does not exceed their corresponding stress
level.

If it is assumed that a similar sequence of counting
occurs for each trace caused by a passing vehicle, then,
for the length of the test period associated with a par-
ticular bridge study, each counter total (C;) reflects the
number of times that its associated stress level (¢,) was
exceeded, Furthermore, if no negative portion of the
strain trace exists, as in Figure 3, then the maximum
value of o in any trace is also the stress range for that
trace. If Sr, is defined as the stress range equal to oy
and Cr, is the number of times Sr; has been exceeded,
then

Ch=C i=12,...,m (€))

where m is the number of active counters, If the highest
triggering level (o,) is high enough that it is never ex-
ceeded,

Cry=C,=0 2

and Cr,,, is the number of occurrences of stress ranges
between the values of Sr,, and Sr,. In general, Cr; -
Cr;, is the number of occurrences of stress ranges be-
tween the values of Sri, and Sr;. The stress-range
histogram can thus be constructed directly from counter
differences. Clearly, C; is equal to the total number
of significant events that occurred over the test period.
Consider now that a negative portion of the strain
trace does occur, which it would in a multispan bridge
structure. Figure 4 shows a simulation of a typical
loading cycle in which each counter associated with a
negative stress level is incremented in the manner pre-
viously indicated for positive counters. The stress
levels (Figure 4) must then be combined by some method
in order to obtain the necessary stress ranges for sub-
sequent analyses.
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The stress range for the trace shown in Figure 4 just
exceeds 03 to 05. In general, it can be assumed that
stress events that produce relatively large positive peaks
also produce relatively large negative peaks. Then the
stress levels shown in Figure 4 may be associated to
form stress ranges by a comparative analysis of the
cumulative number of exceedences (C;) and (C;) of pos-
itive and negative stress levels (o:) and (¢,) respectively.

Figure 1. Typical e
stress or strain trace.
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This procedure is initiated at the extreme positive and
negative stress levels (in this case o5 and 0g). By a
process of elimination, the cumulative number of ex-
ceedences for each possible stress range is determined.
The following example, which uses the stress levels
and cumulative counter totals shown in Figure 5, illus-
trates the procedure,

First, the extreme counter totals (Cs) and (Cs) are
compared. Because both Cs and C; are zero, it is clear
that there were no stress ranges in excess of o5 to os.
Next, counter totals C4 and C; are compared. The lower
total (C4) is equal to the cumulative number of exceed-
ences (Cre) of stress range (Sre) where Sre is equal to
the algebraic difference of 04 and ¢;. The higher value,
in this case C;, is retained and compared to the next
descending counter (Cs). Because Cs is less than Ce,

Cs = Crs where Srs is equal to the algebraic difference
of 03 and 0;. This procedure is continued until all coun-
ter totals have been considered.

Note that if C; had been equal to C; then Cr; = C; =
C;. In this case, no counter total is retained and the
next comparison is made between C, and Cs. This pro-
cedure is followed whenever twe counter tofals are
compared and found to be equal.

The final stress ranges and the cumulative number
of exceedences for each range are also shown in Figure
5. The stress-range histogram for the data in Figure
5 is shown in Figure 6.

Cumulative Damage in Fatigue

In addition to determining the stress-range histogram,
it may be desirable to estimate the long-range effects
that fatigue has on the usable life of a bridge. Miner's
cumulative damage theory (11) is commonly used as a
basis for fatigue analysis and is used here, for simplic=-
ity, to show how data similar to those shown in Figure
6 may be used to determine the fatigue damage to a
bridge caused by the random loading cycles encountered
under service conditions. Damage is defined as the
fractional part of the total life of the structure expended
during any given number of cycles.

According to Miner's theory, the total damage is in-
dependent of the order of application of random loading

cycles. Based on this assumption, the total damage is
given by
Damage = T (ng/Ng) < 1.0 (failure) 3)

Figure 5. Determination of stress ranges.
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where n, is equal to the actual number of cycles at stress
range (Sr,) and N, is equal to the number of cycles to
failure at Sr,.

The number of cycles to failure (N) should be deter -
mined from a fatigue curve that is based on experimen-
tal data from structural details that are the same as, or
similar to, the actual detail or details under considera-
tion. A fatigue curve developed by Fisher and others
for beams with end-welded cover plates (13) is shown
in Figure 7. .

Assume that n stress cycles with varying amplitudes
(Sr) are applied to a bridge and that these cycles are
then arranged in descending order of amplitude and
plotted as shown in Figure 8, with the cycle number as
ordinate and 1/N as abscissa. Damage done by the Kth
cycle is equal to 1 X (1/Ny), or the cross-hatched area

Figure 6. Stress-range 600 o
histogram and %
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exceedence curve.
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shown in the figure. Thus the total damage done by the

n cycles is

Damage = i 1 x (1/Np) )

i=1

which is clearly the total area under the curve. Fur-
thermore, for any cycle (K), K - 1 is the number of
cycles with amplitudes exceeding Sr,. Thus, the curve
shown in Figure 8 is also the cumulative exceedence
curve, which can be closely approximated by plotting
Cr; versus 1/Nr, as the number of cycles causing fail~
ure at a stress range of Sr;. A sample damage curve
is shown in Figure 9. The total damage may also be
calculated numerically; such a calculation is given in
the following table (1 MPa = 145 1bf/in?):

Stress Damage
Range Per Cycle
(MPa) Exceedences {1/N x 10%)  Total
76 0 105
[(105 + 58.8)/2] (10-0)
=819x 10¢
62 10 58.8
1(58.8 + 42)/2] (50 - 10)
=2016 x 10®
52 b0 42
[{42 + 25.2)/2] (100 - 50)
=1680x 10®
41 100 25.2
[(25.2 + 11.5)/2] (300 - 100)
=3670 x 108
38 300 116
[{11.5 + 6.8)/2] (400 - 300)
=915 x 10-8
28 400 6.8
[(6.8 + 3.4)/2] (600 - 400)
=1020x 10®
24 600 3.4

This procedure results in a figure for expended bridge
life of 0.0101 percent.

INSTRUMENT DESIGN

Strain Transducer

The strain transducer is a sensing device used to pro-
duce an analog voltage signal proportional to the strain
in a structural steel bridge girder. The sensing element
used in this study is a Hewlett-Packard model 24DCDT -
100, a direct-current differential transformer (DCDT)
that requires 24-V excitation and provides an output sig-
nal of +10 V over a displacement range of 0,24 cm (20.1
in)., The actual strain is therefore the displacement
divided by the gauge length. The gauge length of the
prototype transducer is 102 em (40 in), which provides

Figure 9. Sample damage curve.
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Figure 10. Prototype strain transducer.
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an output signal of approximately 4 mV/microstrain
without amplification. The prototype transducer is
shown in Figure 10; the DCDT is located internally in
the mounting block on the right of the figure A sec-
tional view of the transducer and other internal parts
is shown in Figure 11,

When the transducer is attached to a bridge girder,
the gauge rod is supported at its midpoint by a teflon
bearing mounted on a steel angle that clamps onto the
bottom flange of the girder. This support minimizes
vibration of the rod caused by wind and other dynamic
loads and helps to conform the rod to the curvature of
the girder.

A relatively small modification to the recorder would
permit the use of an electric-resistance strain gauge
as a transducer, greatly reducing the gauge length over
which the strain is measured and cutting the power re-
quirements in half, But one objective of this particular
design was to produce a fairly rugged, reusable trans-
ducer that could be installed in the field without special
tools or skill.

Recorder
The recorder is an electronic package designed to re-

ceive and monitor the output signal from the strain
transducer. Inside the recorder, a series of ten coun-

DCDT CORE

i

ZERO
ADJUSTMENT

(DIFFERENTIAL SCREW)}

LOCKING SCREW

ters, each triggered at a separately adjustable stress
or strain level, record stress events as they occur.

All counters are rearmed simultaneously when the input
gignal crosses the zero line, The recorder contains
circuitry for filtering out base-line drift caused by tem-
perature and other relatively long-term effects.

Power Supply

The instrument may be powered by any direct-current
(de) power source that satisfies the following require-
ments: 24-V system voltage (nominal); 38-mA strain
transducer; 6-mA recorder, Because both the output
of the strain transducer and the triggering voltages are
directly proportional to the power-supply voltage, the
instrument will function normally under dc power-
supply fluctuations from 28 to 20 V.

The system has been tested with a power supply con-
sisting of two 12 -V automobile batteries rated at 342 kC
(95 A-h), At 21°C (70°F) this battery pack will supply
enough power for instrument operation up to approxi-
mately 80 d between recharges, Although this is an
economical power supply that provides for long periods
of operation, the size of the batteries requires a sepa-
rate battery case, The 25-kg (55-1b) weight of each of
these batteries also makes them rather difficult to
handle in the field.



A pair of 12-V rechargeable dry cells intended for
portable television sets has also been used to power
the instrument. These batteries are much lighter and
smaller and will fit inside the recorder cover. At 21°C
(70°F) two of these batteries will power the unit for about
2 weeks between recharges. Commercial literature in-
dicates that they can be recharged 30 or 40 times.

Total Instrument Package

The transducer, the recorder, and the power supply
(except in the case where automobile batteries are used)
all fit inside a tamper-proof 122 x 122 X 23 -cm (48 x 48 %
9-in) enclosure. Both the transducer and the tamper-
proof enclosure are clamped to the bottom flange of the
steel girder with screws located inside the enclosure.
No special preparation is required for the transducer.

Basic resolution of the electronic countercircuits is
+10 mV [0.52 MPa (75 1bf/in®) of stress for steel], and
the resolution is theoretically infinite. The calibration
factor for the differential transformer varies 4 or 5
percent between transformers. The precision of the
instrument is therefore dependent on the effort put into
matching the recorder circuit to the transducer. How-
ever, a 1 or 2 percent match is not difficult.

Although a precise definition of the overall accuracy
of the instrument would be quite complex, it is reason-
able to assume that, for the majority of data collected
on steel bridges, actual triggering levels will be within
+1,03 MPa (150 1bf/in®) of the value set.

SUMMARY AND CONCLUSIONS

The self-monitoring instrument for load-history studies
is presented here as an economical means for collecting
data that reflect the actual service stresses occurring
in a structural steel highway bridge. The availability
of the instrument will make possible the collection of
load-history data from a wider variety of bridges for
much longer periods of time than may be obtained by
using present techniques.

The complete system consists of (a) the strain trans-
ducer, (b) the recorder, and (c) the battery pack. Sys-
tem design is such that the instrumentation may be at-
tached to a structural steel bridge girder and left in
place for extended periods of time subject only to bat-
tery recharging at intervals of approximately 14 to 80
d, depending on the battery pack used. Simplified data-
analysis techniques allow accumulated data to be used
directly or in terms of bridge fatigue life. Installation
of the instrument requires approximately 20 min, and
batteries can be replaced and a set of readings taken in
about 5 min, Field tests show that the instrument works
well under field conditions.
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