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Gran Method of Endpoint
Determination in Chloride Analysis
by Potentiometric Titration

Gerardo G. Clemefia, John W. Reynolds, and Randy McCormick, Virginia Highway

and Transportation Research Council, Charlottesville

The Gran method of endpoint determination can replace the currently
used first-derivative method in the potentiometric titration procedure
for the analysis of chloride in hardened concrete. This modification im-
proves the procedure by (a) circumventing the frequently encountered
difficulty in endpoint determination that arises from unstable electrode
potentials, (b) eliminating the need to spike solutions of low-chloride
concrete samples with a known amount of chloride before titration, (c)
enabling the titration to be performed more quickly, and {d) improving
the overall precision and accuracy.

To repair the damage to bridge decks that results from
corrosion of the reinforcing steel, it is necessary to lo-
cate the concrete showing the potential for inducing fur-
ther corrosion as well as the material already exhibiting
damage. The location of the potentially corrosive ma-
terial requires analysis of the chloride (Cl~) content of
concrete samples from the bridge deck. The chemical
procedure widely used for these analyses is based on the
potentiometric titration technique developed by Berman
(1). Briefly, the procedure has three parts:

1. Extraction of the soluble C1™ from a powdered
concrete sample by using 1:16 nitric acid and separation
of the extract from the undissolved residue by filtration;

2. Potentiometric titration of the C1~ with a standard
silver nitrate (AgNOs) solution in the presence of a C1~
or a silver ion-specific electrode; and

3. Determination of the endpoint of the titration by
using the first-derivative (AE/AV) method, followed by
calculation of the Cl™ content,

A frequently encountered difficulty in this procedure
involves the determination of the endpoint, particularly
for samplesthat have relativelylow Cl~ contents. Because
the method is based on the occurrence of 2 maximum
AE/AV at the endpoint, its accuracy and precision are
susceptible to the instability in the electrode potential
that occurs in the vicinity of the endpoint.

This difficulty can be circumvented by using the Gran
method for endpoint determination, which uses the com-
paratively more stable potential readings beyond the end-
point (2).
GRAN METHOD OF ENDPOINT
DETERMINATION

In a dilute solution, the electrode potential is related to
the Cl™ concentration by the simplified Nernst equation

E =E, - (2.3RT/F)log C, (n
where

E = electrode potential,

Eo = constant determined by the normal and junction
potentials,

R =universal gas constant,

T = temperature (°K),

F = Faraday constant, and

C. = C1” concentration.

Before the endpoint in a titration is reached, the C1~
concentration in the sample solution is related to the
amount of silver ion (Ag™) added by

Ca=(Cy Vo -C VIV, + V) 2
where
C. = initial concentration of Cl~ in the sample solution,
C, = concentration of Ag™ in the titrant,
V. = initial volume of the sample solution, and

V. = volume of titrant added.
Substituting Equation 2 into Equation 1 gives
E = E, - (2.3RT/F) log[(C, V, - C,V)/(V, + V)] (3)

which relates the electrode potential to the volume of
titrant added and can be rearranged to give

Vs £V » 1QWo BNERERD « o' @iy, )

This indicates that a plot of [(V, + V,) x 10Fe-BX (F/23RD)]
versus V. should give a straight line whose point of in-
terception with the V,-axis corresponds to the endpoint.
This is so because at the endpoint C, =0, and there-
fore, from Equation 2, the left side of Equation 4 be-
comes zero. A similar analysis can be made after the
endpoint is passed, when the continued addition of titrant
increases the concentration of Ag+ in the solution.

Although such linear plots have many advantages,
some of which are illustrated later, the method has not
become popular because the time required to calculate
the complex term on the left side of Equation 4, which
is needed for plotting, usually offsets the advantages.
Recently, however, the need for this calculation has
been obviated because volume-corrected graph paper
for obtaining linear plots directly from the potential
readings has become commercially available.

In applying the Gran method for determining the end-
point in the titration of concrete-sample solutions with
AgNOs, we have chosen to use the potentials beyond the
endpoint (E > 300 mV for our titration system) rather
than the potentials before the endpoint, because the latter
are complicated by the formation of C1~ complexes that
make a linear Gran plot nondefinitive.

ADVANTAGES OF USING GRAN
METHOD

The unstable potential readings in the vicinity of the end-
point do not present any difficulty when the Gran method
is used. Consider the actual potential readings observed
during the titration of a concrete-sample solution (Table
1): The fluctuation in each potential reading becomes
larger as the titration approaches the endpoint, which
was at approximately 3.5 ml 0.01N AgNO,. With those
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large fluctuations, it would be difficult to accurately de- until it intersects the V,-axis as shown in Figure 1. In
termine the endpoint by the AE/AV method. However, this titration, the endpoint was at 3.45 + 0.02 ml.

with the Gran method, the determination of the endpoint Because the analyst needs only 3 or 4 points at

is relatively easy because it requires plotting only the most to obtain a definitive linear plot, the titration can

few potential readings that are greater than 300 mV on be done more quickly, as shown by the improved proce-
Gran-plot paper and extrapolating the straight portion dure outlined in Figure 2, than when using the AE/AV

method. In using the latter method, for the region from
. . ] approximately 0.5 ml before the endpoint to 0.5 ml beyond
Table 1. Electrode potentials observed in actual titration. the endpoint, the analyst must observe the rate of change
in the potential with every 0.1-ml increment of AgNOs.

0.009 93N AGNOs (ml)  Potential (mV) Range (mV) In Berman's original potentiometric titration pro-
0.00 £ 0.01 219.1 to 219.2 0.1 cedure, ambiguities in determining the endpoint in the
0.50 222.2 to 222.3 0.1 titration of samples with C1l~ contents lower than 0.01
1.00 225.7 to 225.8 0.1 percent were another problem. Figure 3 shows an ex-
1.50 229.8 to 229.9 0.1 - ; ; ’
2.00 235.9 to 235.4 0.2 ample of an ambiguity that involved titration of a 100-ml
2.50 242.4 to 242.6 0.2 aliquot containing 2.4090 g of a concrete sample whose
g'gg g gg‘;é o8 Cl™ content was approximately 0.01 percent. As the
3,20 260.9 to 261.5 0.6 figure shows, it is not clear where the endpoint is when
3.30 265.1 to 265.5 0.4 the AE/AV method is used. To eliminate such ambigu-
ggg gggg EO g;gg gg ities, Bermanhas suggested that voltage readings of less
3,60 i g Loy 0.9 than 65 mV below the endpoint when the electrodes are
3.70 283.2 to 283.8 0.6 first immersed in a sample solution be taken as an indi-
by o 0 cation that the sample has a low Cl~ content and that the
1.00 295.5 to 296.1 0.6 analyst spike the solution with 1 or 2 ml 0.01N NaCl solu-
4.10 299.0 to 299.4 0.4 tion before proceeding with the titration (g). This spiking
o ol e e uw is supposed to shift the endpoint by 1 or 2'ml so that it
5.00 319.2 to 319.3 01 is easier to determine. As shown in Figure 4, spiking
5.50 325.9 to 326.0 0.1 another aliquot of the same sample with2.00 ml 0.010 08N
6.00 331.4 to 331.5 0.1 NaCl did provide improvement; however, the ambiguity
6.50 335.8 to 335.9 0.1 : ; : P
7.00 339.5 to 339.6 01 in locating the endpoint was still not completely elimi-
nated.
Figure 1. Use of Gran method to determine endpoint T TTT r—-——wHHTT’ =
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In using the Gran method, the endpoint can be clearly
determined with or without spiking, regardless of the
Cl™ content of the sample. To illustrate this, the poten-
tials from the titrations shown in Figures 3 and 4 were
plotted on Gran-plot paper as shown in Figure 5. The
resulting endpoints were 2.58 and 0.63 ml for the
spiked and nonspiked solutions respectively. And sub-
traction of 1.95 ml 0.010 31 N AgNOs (the equivalence of
the 2,00 ml 0.010 08N NaCl added) also gives 0.63 ml as
the endpoint for the nonspiked solution.

Figure 2. Procedure for analysis of

ey WEIGH TO NEAREST mg
CI” in hardened concrete by € 2.5-g POWDERED SAMPLE
improved potentiometric titration
procedure. ‘

ADD 10 ml DISTILLED
HEO

i

SWIRL SAMPLE IFTO
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i

ADD 3 ml CONC. HNO.;
CONTIRUE S\HRLINa

!

BREAK UP LUMPS
IF ANY

i

DILUTE W/HOT
H30 TO 50 m1

i

RED ADD 1 DROP or | ORANGE
METHYL ORANOE
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HOT PLATE: (MED. HEAT)

:

FILTER IATO A
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i
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EACH TIME RECORDING E AND Ve

i

FLOT E AND V_ ON GRAN PLOT
PAPER TO DETERMINE ENDPOINT

!

CALCULATE CHLORIDE
CONTENT

The experiment was repeated with several concrete
samples whose CI~ contents ranged from 0.001 to 0.019
percent. The overall results are shown in Table 2 and
indicate that the average absolute difference in the end-
points of the spiked and nonspiked solutions was approx-
imately 0.02 ml. This is about the precision with which
one can read the Gran-plot paper, which means that the
differences are insignificant.

Figure 3. Titration of low-Cl™ concrete sample (without NaCl spike).
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Figure 4. Titration of low-C| concrete sample (spiked with 2.00 mi
0.1N NaCl).
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Figure 5. Gran plots of titrations shown in
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Table 2. Analysis of low-Cl~ concrete samples by using Gran cedure using the Gran method, two concrete samples
m_ethod of potentiometric endpoint determination (with and were divided into five portions each, and each portion
without added NaCl). was analyzed for Cl=. The results shown below showed
Total Net an average standard deviation of 0.0005 percent C1-,
NaCl* AgNOs® AgNOs® which is a large improvement over the value of 0.0026
Mass Added Added Needed o
S - ) add Moo o @ percent given by Lankard and others (5).
L-1 2.4018  2.00 2.05 0.10 0.0015 . =
0 0.07 0.07 0.0011 Canirete o Cancrete el
odmpie wonwent sampie Lonient
L-3 2.4028  2.00 2.40 0.45 0.0068
0 0.45 0.45 0.0068 1 2
Portion1  0.0236 Portion 1 0.0439
= y 2.00 : 0.6 0.0095 X
v 06 0 o008 Portion 2 00244 Portion 2 00432
ortion 5 ortion 5
w-4 23088 2.0 ) it gus Portion4  0.0232 Portion4  0.0431
! ! : Portion 5 0.0239 Portion 5  0.0444
w-5 2.4005 2,00 3.18 1.23 0.0187 Range 0.0012 Range 0.0013
L 1.22 1,22 0.0186 Standard Standard
20,010 08 N. deviation 0.0004 deviation 0.0005
©0,010 31 N.

°Including adjustment for equivalency between NaCl and AgNOj solutions.
This precision includes variations in the C1™ contents of
the individual portions, in the extraction and titration,

PRECISION AND ACCURACY and in the determination of the endpoint. The variation
in the determination of the endpoint had a standard de-
The replacement of the AE/AV method by the Gran viation of approximately 0.0003 percent C1-, as deter-
method should also improve the overall precision and mined by multiplicate titrations of aliquots from each of
accuracy of the potentiometric titration procedure. This several extracts prepared from the same concrete

agrees with the results of a theoretical study [ Anfalt and samples.
Jagner (g)] that compared the various methods of end-

point determination. Accuracy
Precision Because of difficulty in preparing test specimens without

any material loss during their mixing and curing, the
As a test of the overall precision of the improved pro- accuracy of the original potentiometric titration pro-



Table 3. CI™ analysis of prepared concrete specimens by
potentiometric titration, atomic-absorption spectroscopy,

and neutron-activation analysis.

cr Measured C1~ Content (%)
Added

Difference ($ C17)

Concrete

Specimen (%) PT* AA® NAA® PT* AA® NAA®
s1 0.0100 0.0107  0.0078  0.0127  +0.0007  -0.0022  +0.0027
§2 0.0200 0.0206  0.0185  0,0216  +0.0006  -0.0015  +0.0016
s3 0.0300 0.0310  0.0278  0.0297  +0.0010  -0.0022 -0.0003
84 0.0400 0.0393  0.0379  0.0368  -0.0007  -0.0021 -0.0032
c1 0.0061 0.0066  0.0058  0.0068  +0.0005  -0.0003  +0.0007
c2 0.0121 0.0118  0.0110  0.0117  -0.0003 -0.0011 -0.0004
c3 0.0182 0.0179  0.0159  0.0160  -0.0003 -0.0023 -0.0022
c4 0.0243 0.0243  0.0203  0.0202 0.0000  -0.0040  -0.0041
Avg
absolute
0.0005 0.0020 0.0019

difference — - - —

2PT = potentiometric titration.
b AA = atomic absorption spectroscopy.
¢ NAA = neutron activation analysis.

Figure 6. Analysis of Cl” in prepared concrete specimens by
potentiometric titration procedure.
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Figure 7. Analysis of CI” in prepared concrete specimens by
atomic-absorption spectroscopy.
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cedure was estimated by using samples having Cl~ con-
tents considerably higher than the corrosion threshold
value of 0.030 percent Cl~ suggested by Clear (6). How-
ever, because decisions about expensive repairs are
made on the basis of C1~ contents found to exceed the
corrosion threshold, it is important to know the relia-
bility of the analytical procedure used, particularly near
the threshold level. To estimate the accuracy of the im-
proved procedure at the threshold level, we compared
its results to those of two procedures adapted from well-
established analytical techniques (7)—atomic-absorption
spectrometry and neutron-activation analysis. For the
comparison, two series of test specimens—one using a
siliceous aggregate and one using a carbonaceous aggre-
gate—were prepared by adding C1~ in increments. Then,

Figure 8. Analysis of CI” in prepared concrete specimens
by neutron-activation analysis.

0.020 0,030 0.040 0.050

% chloride added

each of the specimens was analyzed by all three proce-
dures.

The results, shown in Table 3, indicated that the
smallest average absolute difference in C1~ content was
obtained by using the potentiometric titration procedure.
These values are probably fairly good indications of the
accuracy of each of the procedures.

In Figures 6, 7, and 8, the C1™ contents measured by
the three procedures and corrected for a blank deter-
mination are plotted separately against the C1™ added to
the specimens. Figure 6 shows that the results obtained
by the potentiometric titration procedure clustered around
the 45° dashed line, which indicates excellent agreement
and no discernible aggregate effect.

The Cl~ content measured by the atomic-absorption
procedure (Figure 7) averaged about 11 percent lower
than the known Cl™ added. In addition, this procedure
apparently was affected by the nature of the aggregate
in the test specimens, as indicated by the existence of
two lines. In the neutron-activation procedure (Figure
8), the aggregate effect appeared to be more pronounced
than in the atomic absorption procedure, and this pro-
cedure showed positive differences with samples having
relatively low known-Cl~ contents and negative differ-
ences with those having relatively high Cl~ contents.

CONCLUSIONS

1. The use of the Gran method of endpoint deter-
mination eliminates the difficulty that unstable potential
readings cause in the AE/A V method.

2, The use of the Gran method eliminates the need



to spike solutions of concrete samples having low Cl1~
contents with a known amount of C1~ before titration to
facilitate endpoint determination.

3. The use of the Gran method improved the pre-
cision of the potentiometric titration procedure.

4, The average absolute difference of 0.0005 percent
Cl™ between measured Cl~ and known added Cl1™ contents,
as determined by analyzing several test specimens, is
probably a good indication of the accuracy of this im-
proved potentiometric titration procedure.

5. Among the procedures tested, the improved poten-
tiometric titration procedure showed the best agreement
among the test specimens. In addition, this procedure
showed no discernible effects of the particular siliceous
and carbonaceous aggregates used to prepare the speci-
mens,
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Comparison of Performance of
Concrete Bridge Decks in

British Columbia

A. T
Ministry of Highways and Public Works

The bridges of the freeways south and east of Vancouver, British Colum-
bia, were chosen as a sample of concrete bridge decks in the area. They
are of similar ages and quality of supply of ready-mixed concrete and
subject to the same weather, salting, and traffic conditions. They have
the following types of decks: monolithic, monolithic recapped, two
layer on precast box beams, and two layer on cast-in-place concrete; the
two-layer decks used either cement grout or two-part epoxy as bonding
agents. The use of site-mixed versus plant-mixed concrete is related to
the performance of the bridge decks. Six observations are made why
two-layer decks are more satisfactory than monolithic decks, and 16
recommendations for construction of two-layer decks are given. Itis
concluded that (a) two-layer decks are more durable than monolithic
concrete decks and guarantee a minimum coverage of the steel, (b) the
placement of the overlay requires rigid quality control of the site-mixed
concrete, and (c) application of the two-part epoxy bonding agent re-
quires constant technical attention.

There are more than 2600 bridge and overpass decks in
British Columbia, of which 650 are exposed concrete.

Of the latter, 570 are monolithic and 80 are of two-layer
deck construction. Of the monolithic concrete decks,
140 have concrete resurfacing, 30 are in immediate

Montador, Vancouver Region of the Rritish Columhia

need of resurfacing, and a further 100 will need resur-
facing in the next 3 or 4 years. Some of the older
bridges that are still in use were built before 1920, and
some of the newer bridges have been resurfaced with
concrete just a few years after being opened to traffic.

The weather conditions cover a freezing-index range
of from 100 to 500 degree days (1), and the traffic vol-
umes vary from very light to 20 000 vehicles/lane/d.
The concrete aggregate used in British Columbia varies
from a granular material taken from a river bank to a
high-quality aggregate produced to size and standard in
modern plants. The concrete quality is variable and de-
pends on the location of the bridge site and the plant and
expertise available, The types ol concrete deck used
are (a) 20700-kPa (3000~1bf/in”) monolithic, (b) resur-
faced monolithie, (¢) two layer with precast box beams
as the structural deck, and (d) two layer with 20 700-
kPa concrete as the structural deck, both with a con-
crete running surface. Either cement grout or two-part
epoxy is used to bond the overlays to the structural
decks.



This report presents a comparison between the be-
havior of monolithic decks and two-layer decks in re-
spect to site conditions, concrete used, method of place-
ment, types of structure, chloride content of the con-
crete (g), bonding method, and deck performance.

SAMPLING OF BRIDGE DECKS

Of the total bridge population of British Columbia, all
those with concrete riding surfaces from two freeway
systems south and east from Vancouver were chosen for
study. These bridges were chosen because (a) they are
approximately the same age (constructed between 1959
and 1964), (b) they are subject to similar weather and
traffic conditions, (c)they were made from good-quality
ready-mixed concrete, and (d) they contain a variety of
types of bridge decks. A total of 73 bridges were studied.

The average annual rainfall in the Vancouver area
varies from less than 900 mm (35 in) in the south tomore
than 1800 mm (70 in) along the mountains (3). The an-
nual number of days of measurable precipitation varies
from 160 in the south to 180 along the mountains (4).

The maintenance practice for freeway salting is to
do the bridges first because they tend to ice up and be-
come unsafe. When overnight freezing is anticipated,
salt is applied once before the heavy evening traffic,
once during the night, and once early in the morning.
During snowfalls, salting is relatively continuous. Gen-
erally, there are about 12 snow d/year (a range of 10
to 18) and 50 to 100 freeze-thaw cycles/year.

One of the bridges in the sample, the Port Mann
Bridge, crosses the Fraser River and is subject to wind
chill, Its salting period begins at least a month before
and ends a month after salting of the other bridges. Its
traffic density is approximately 15 000 vehicles/lane/d.
More than 10 percent of the automobiles use studded
tires between October 31 and March 31.

The following procedures were used during the con-
struction period for the bridges in this study:

1. Aggregates for concrete were produced in modern
plants in the area;

2. Material from glacial outwash was crushed,
washed, screened, and stockpiled in various sizes;

3. The resulting aggregates were of sound, durable
particles and free from deleterious substances;

4, The sand varied somewhat in gradation, but was
within the ASTM specifications for variation in fineness
modulus;

5. The ready-mix plants in the area were modern
and all had quality-control service available to any cus-
tomer;

6. The concrete was centrally batched, mixed, and
truck agitated or centrally batched and mixed in trucks
en route to the site;

7. Trucks and plants were maintained to produce
consistently mixed concrete; and

8. Admixtures for air entrainment were available at
most plants.

DETAILS OF BRIDGE-DECK
CONSTRUCTION

The bridges in the study have monolithic decks, concrete-
resurfaced monolithic decks, or two-layer decks with a
34 500-kPa (5000-1bf/in®) concrete wearing surface. The
two-layer decks can be further subdivided into structural
or precast substructures with either two-part epoxy or
cement-grout bonding agents.

Monolithic Decks

The monolithic decks were cast in place from ready-
mixed concrete supplied in truck mixers. The concrete
was produced to the following specifications and was
transported to the deposit position by either buggies or
crane and bucket (1 kPa = 0.145 1bf/in® and 1 mm = 0.039
in).

Value

Strength, kPa 20 700
Slump, mm 100
Entrained air, % b

Specification

Vibrators were used to consolidate the concrete. The
minimum steel cover was specified to be 40 mm (1.5 in),
but some of the decks were later found to have less than
20 mm (0.75 in) cover. The concrete surface was
screeded to elevation. Generally, the concrete was
finished by using a burlap drag and cured by using a
curing compound or saturated burlap,

The records show that

1, The concrete was produced to a low coefficient of
variation with strengths greater than 20 700 kPa and air
entrainment of 3 to 6 percent by volume,

2. Excessive vibration of the concrete for the deck
surfaces usually overworked the concrete,

3. Quality control of the construction was rather
loose, which resulted in sacrifice of surface concrete
quality (for example, calcimine brushes were used ex-
tensively to apply water during the finishing process).

By 1971, some of the decks were showing signs of
distress, and it was necessary to decide whether to re-
pair or resurface. The main reasons for deterioration
were spalling and pop-outs over the reinforcing steel.

If the pop-outs were minor, the bridge deck could be
patched. However, usually the patches came out, or the
concrete deteriorated around them and the deck became
rougher. When considerable reinforcing steel was ex-
posed, the deck was resurfaced (Figure 1). Thus, the
criteria used for determining whether decks should be
resurfaced were ride and safety.

Some of the resurfacing has shown distress for which
inspection and a review of diaries indicates the follow-
ing causes:

1. A poor bond resulted when the grout dried out be-
fore the paving was placed;

2. The overlay hardened before the curing was ap-
plied;

3. The concrete was retempered in the ready-mix
trucks waiting for the paver; and

4, Large calcimine brushes were used to supply
finishing water, which increased the water-to-cement
ratio of the overlay surface. Thus far, no resurfaced
sections have been replaced, but some have been patched
and show signs of failing in bond and around the patches.

The chloride contents and bond strengths of the
bridges cored are shown below (1 kg/m°® = 0.062 1b/ft®
and 1 kPa = 0.145 1b{/in®).

Chloride Content

At At Bond
Surface Rebar Strength
Type of Structurg (kg/m?3) (kg/m?3) (kPa)

Monolithic 1.69to 140 0.69to 1440 —
Monolithic overlay
(cement) 0.69 to 14.17 3.22 to 14.00 0 to 1199.68




Figure 1. Deck in need of resurfacing.

(ﬂ)ride Content

At At Bond
Surface Rebar Strength
Type of Structure {kg/m?3) {(kg/m?) {kPa)
Precast beam (epoxy) 3.69 to 11.68 0.29 to 0.46 1909.83 to
1937.41
Precast beam {cement) 0to 2.25 0.19 to 9.91 241.31 to
1999.41
Structural concrete 0.10to 14,32 1.20 to 4.86 620.5 to
{cement) 2757.9
Structural concrete 0.23to 11.05 0.07 to 0.52 827.4 to
(epoxy) 2089.1

Five-cm (2-in) diameter cores were pulled perpendicular
to the bond surface to determine the bond strength. The
high concentration of chloride in the lower concrete is
probably residual salt from the application of deicing
salts before the deck was resurfaced.

Two-Layer Decks Over Box Beams

These bridges were built with precast beams erected at
the site and later covered with a concrete riding surface.
After the beams were placed, they were posttensioned
laterally, and then the ducts were grouted. The upper
surface of the box beams became the subdeck surface.
This surface was sand blasted, washed, and blown dry
with oil-free compressed air to give a good surface for
the bonding agent.

Some of the longer box beams had excessive camber,
To establish the required deck alignment, the depth of
the overlay was varied from more than 5 cm at the beam
ends to less than 2.5 ¢cm at their centers. Consequently,
two mix designs were used for the concrete overlay.
Both used 34 500-kPa concrete having 6 to 8 percent air
and 2.5 to 5-cm slump; the shallow sections were con-
structed with 9.5-mm (%4~in) coarse aggregate and 298
ke (656 1b) of cement, but the deeper end sections were
constructed with 19-mm (/4-in) aggregate and 278 kg
(612 1b) of cement were used.

The bonding agent for the deep-section concrete was
cement grout, and that for the shallow-section concrete
was a two-part epoxy mixture that gave higher bond
strength for the thinner overlay. The concrete was sup-
plied by a ready-mix plant. The surface was struck and
finished by using two channels mounted back to back
with a vibrator mounted on the top of the channels. This
apparatus rested on rails or curbs that had already been
cast to the final deck elevation and was dragged over the
decking concrete by a man at each end. The compressive
strengths of cylinders cast of the surfacing concrete
were all greater than 34 500 kPa. The concrete sur-
facing was cured by using burlap covered with 76 mm

(3 in) of sand, kept saturated 24 h/d for 3 d, and then
covered with polyethylene for a further 4 d.

Today, about 14 years later, the areas of apparent
distress over the box beams are bond failures near the
ends that are up to 1 m (3 ft) across on one structure
and longitudinal cracks along the seams between the
box beams on all the structures. The longitudinal
cracks are evident in the winter by long icicles hanging
over the freeway. Resurfacing is not yet required, but
the bond-failure area has been patched and shows signs
of breaking away around the patches.

Two-Layer Decks Over Structural

Concrete

In this category, there are minor subdivisions. All
the cast-in-place structural concrete was supplied from
a ready-mix plant. The design mix and the placement
procedure were the same as for the monolithic decks.
The surface of the structural deck was rough finished.
The surfacing of the decks was either ready~mixed con-
crete with cement grout or two-part epoxy bonding agent
or gite-mixed concrete with two-part epoxy bonding
agent. The placing, finishing, and curing of the ready-
mixed concrete and both bonding agents were similar to
the procedures used for the overlay of box beams de-
scribed above.

Thus far, there is only minor bond failure on one
deck of this two-layer type.

The chloride contents and bond strengths for two-
layer decks using ready-mixed concrete for the overlay
and cement grout for the bonding agent are shown in
the table above.

The Port Mann Bridge was constructed over the
Fraser River as part of the freeway east of Vancouver
in 1963. The total length of the approach spans is more
than 1200 m (4000 ft). Special provisions were followed
for the construction of the viaduct deck (E). Before be-
ginning the overlay, special aggregates were produced
locally for the project and stockpiled at the site. They
were kept covered to maintain a more constant moisture
content. The coarse aggregate was supplied in two
sizes: 16 to 10 mm (% to % in) and 10 to 5 mm (/4 in
to no. 4). The sand was supplied with a fineness mod-
ulus range of 2.4 to 2.9. Cement was supplied in bags
and stored dry at the site.

The surface of the structural deck concrete was acid
etched, stiff-bristle~broom brushed, neutralized with
industrial ammonia, and washed with water. The wash
water was ponded on the structure away from the ex-
pansion joints and gutters and tested with pH paper be-
fore being pumped over the side.

The bonding agent used was a two-component,
polysulphide-epoxy adhesive. The specifications re-
quired that the epoxy supplier be responsible for the
bond between the structural deck and the overlay, and
the penalty for any bond failure was the replacement of
the overlay in the area that failed. It was the responsi-
bility of the contractor to hire an epoxy-bond inspector
to oversee the mixing and placing of the bonding agent.
This requirement prompted the bonding-agent supplier
to put one of its best technicians in charge of placing
the epoxy layer. If, due to delay or weather, the epoxy
layer set up, another layer of epoxy was applied before
the concreting continued.

The concrete for the overlay was made of 16-mm
aggregate and 260 kg (570 1b) of cement and had 19-mm
slump, 6 to 8 percent air, and a water-to-cement ratio
of 0.39. There was a technician at the batch plant and
a technician at the mixer paver. A 9100-kg (20-ton)
batch plant was used off the structure, and the aggre-
gates were trucked to the mixer paver in 1800-kg (4-ton)



Figure 2. Paving the Port Mann Bridge.

dump trucks, with bins to hold four separate batches.
The mixer paver had a capacity of 0.38 m® (0.5 ya®).
The concrete was placed one lane at a time. The tech-
nician at the paver monitored each batch for aggregate
blend, slump, and entrained air.

The epoxy bonding agent was machine mixed on the
back of a truck at the site and never spread more than
3 m (10 ft) ahead of the overlay concrete (Figure 2).

After the overlay concrete was placed, it was
screeded and vibrated by using a screeder with vibra-
tors mounted 0.6 m (2 ft) in from each end. The con-
crete was finished by using a 3-m (10-ft), longitudinal,
scraping straightedge. A burlap drag finish was applied
to the surface, and the overlay concrete was cured by
using burlap, kept saturated for 3 d, and then covered
with black polyethylene for a further 4 d.

Thus far, there are no areas of distress on the sur-
face of the approaches to the Port Mann Bridge except
some stud wear in the wheel paths of the slow lanes.
The chloride contents and bond strengths of the Port
Mann Bridge approaches are shown in the table above.

Recently, the British Columbia Ministry of Highways
and Public Works commissioned an analysis of the dura-
bility of the Port Mann Bridge deck (§). On thin sections
prepared from the bridge deck cores and magnified 150
times, both the overlay and the structural concrete
showed micro cracks, but the entire section through the
bonding agent had no cracks. The epoxy bonding agent
is apparently acting as a seal, keeping the salt away
from the reinforcing steel in the structural deck., The
amount of chloride in the structural concrete also indi-
cates that, when the epoxy is well placed, it acts as a
deterrent to chloride migration.

DECK PERFORMANCE

The performances of the different types of concrete deck
areas studied are summarized below (1 m® = 10.8 ft?).

No. of Percentage of
Performance Decks Area (m?) Total Area

Monolithic decks

Resurfaced or needs tobe 26 29 610 66.6

Fair 13 8574 19.3

Good 9 6 232 14.1
Total 48 44 416 100.0
Two-layer decks

Resurfaced or needs to be 2 1916 41

Fair 3 4 656 9.9

Good 20 40 601 86.0
Total 25 47 173 100.0

SITE MIXING VERSUS PLANT MIXING

Site-mixed concrete for bridge-deck overlays is prefer-
able to ready mixed for the following reasons:

1. Concrete mixed 5 min before placement is more
easily handled than is concrete mixed 30 min before
placement because of temperature increases, loss of
air, aggregate absorption, and cement hydration in the
longer mixed concrete.

2. Concrete produced in mixers at the site allows
more rigid quality control and the necessary adjustments
than is possible in the production of large loads of ready-
mixed concrete.

3. It is more economical to reject a small quantity
of concrete than a truckload because less concrete is
rejected, replacement time is less, and there is less
chance of cold joints.

4. Communication among work persons batching and
placing the concrete at the site is quicker and more di-
rect than is communication among those on the site and
at the ready-mix plant.

5. Aggregates produced in separate sizes, delivered
to the site, and covered have more constant moisture
contents and less variability. Errors in batching will be
fewer, because only one mix is being used, for only one
project, and in small quantities. For special projects,
aggregates can be produced to exacting specifications.

6. Site-mixed concrete allows better construction
control because (a) the same personnel can spread the
concrete and place the saturated burlap and (b) produc-
tion of the concrete can be controlled more easily (e.g.,
if the epoxy layer is not far enough ahead of the concrete,
the work persons can stop spreading concrete and help
spread epoxy, and the mixing will stop with no old con-
crete in the mixer; if the overlay is starting to set up,
the work persons can stop spreading concrete and help
apply saturated burlap, and the mixing will stop with no
old concrete in the mixer; or if rain or breakdowns
cause delays, the mixing will stop with no concrete in
the mixer, until the operation can proceed).

OBSERVATIONS—MONOLITHIC VERSUS
TWO-LAYER DECKS

Two-layer construction for concrete bridge decks is
superior to monolithic construction for the following
reasons:

1. The 20 700-kPa (3000-1bf/in®) concrete used for
the monolithic decks is less durable than the 34 500~-kPa
(5000 1bf/in®) concrete used for the two-layer decks.

2. If the structural part of the deck is to be covered
with a high-quality, carefully controlled, durable over-
lay, then the concrete for the structure can be placed
by using normal quality control.

3. Because the structural deck settles during place-
ment to almost its full deadload deflection, the final
profile is more nearly correct when the overlay is
placed, and better vertical alignment and better drainage
will result.

4, The structural deck allows access to the topping
placement for heavier equipment, guarantees no dis-
placement of the reinforcing steel during placement,
makes pumps unnecessary, deposits the topping almost
in place, and allows drier mixes that consolidate with
less vibration because there is no steel in the overlay.

5. The overlay will have few shrinkage cracks and
none of the segregation of the structural deck.

6. Placing an overlay on a hardened structural deck
guarantees that the thickness of cover of the reinforcing
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steel in the finished deck is at least the thickness of the
overlay.

SUMMARY AND CONCLUSIONS

Of the concrete bridge decks in two freeway systems in
the Vancouver area, which were all built about the same
time, with aggregates and concrete from the same
sources, and subject to about the same weather condi-
tions and to some of the heaviest traffic in British
Columbia, the monolithic structures have the most sur-
face failures. For the overlays on the two-layer bridge
decks, site mixing with site-stored aggregates produced
more durable concrete decks than did ready-mixed con-
crete. A two-part epoxy bonding agent used under the
supervision of a competent technician produces a more
consistent bond than does a randomly placed, unsuper-
vised mix of cement grout. The two-part epoxy bonding
agent inhibits the migration of chloride ions to the re-
inforcing steel. Tire studs and the application of extra
water for deck finishing at the time of placement contrib-
ute to deck deterioration. Rigid adherence to the prin-
ciples of batching, mixing, placing, finishing, and curing
concrete is mandatory for concrete-deck durability.

1. Well-bonded, two-layer decks are more durable
than monolithic decks and guarantee adequate cover of
the steel.

2. Rigid quality control of the concrete and bonding
agent used for the overlay of two-layer bridge decks is
mandatory for satisfactory bond and deck durability.

3. Rigid control of the application of the bonding
agent appears to produce a positive bond and inhibit
chlorides from reaching the reinforcing steel.

4, Site mixing of deck overlay concrete allows ex-
cellent quality control and more expedient placement of
the concrete.

RECOMMENDATIONS

1. Bridge decks should be two-layer systems.

2. Concrete for deck overlays should be site mixed,
preferably in small batches.

3. Aggregates for bridge-deck overlays should be
screened to 16 to 10-mm (% to “-in) and 10 to 4.75-mm
(/-in to no. 4) sizes, stockpiled separately at the site,
and covered until used.

4, Cement sufficient for the deck overlays should
be stored dry at the site.

5. The overlay should be 34 500-kPa (5000-1bf/in®)
concrete with a maximum slump of 19 mm 4 in), a
water-to-cement ratio of not more than 0.35, 6 to 8 per-
cent entrained air, and the minimum sand content that
allows placing and finishing.

6. The bonding agent should be two-part epoxy.

7. Placing the epoxy during the overlay of the struc-
tural deck requires scrupulous supervision by qualified
personnel.

8. The structural deck surface should be thoroughly
cleaned down into the matrix and kept clean.

9. The overlay concrete should be spread in even
rows in front of the paver and struck perpendicular to
the centerline of the bridge.

10. The overlay concrete should be placed longitu-
dinally in single-lane widths.

11, The finishing machine should have some form of
surface vibration for consolidation.

12, Any cold joints should be vertical, not sloped
(including the longitudinal joint between mats), and the
vertical surface should be covered by bonding agent when
pouring the concrete begins again.

13. Large [170-L (45-gal)] drums of water should
be placed along the paving route at suitable intervals for
saturating burlap sheets for curing. The saturated bur-
lap should be applied as soon as the surface is finished.

14. The burlap curing should be kept saturated for
3 d and then covered with polyethylene for 4 d.

15. After curing, the surface should be air dried for
1 d and then sealed.

16. Stringent care should be exercised to ensure
good concrete practice in batching, mixing, spreading,
consolidating, finishing, and curing of the overlay.
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Concrete-Deck Deterioration:
Concrete-Filled Steel-Grid Bridge

Decks Have the Answer

Vijay Hasija, Reliance Steel Products Company,
McKeesport, Pennsylvania

Carl Angeloff, Pennsylvania Department of
Transportation, Pittsburgh

The most common cause of bridge-deck distress is the corrosion of the
reinforcing steel that results from the intrusion of chlorides into the
concrete after repeated deicer applications. However, there are many
concrete-filled steel-grid bridge decks in existence that have not been
affected by deicing chemicals, although the amount of chloride present
is significant and sufficient to initiate steel corrosion. Data on more
than about 400 000 m? (4 000 000 ft2) of grid decks built between
1931 and 1969 showed that the performance of such decks has been
excellent. The soundness of the concrete has not been affected, and
the steel within the concrete shows no rust or corrosion. These decks
have withstood severe weather conditions and frequent use of deicing
chemicals. The satisfactory condition of these grid decks, in service for
over 40 years, is significant evidence of their durability, which has been
accomplished without the help of waterproofing membranes, coatings
on steel, cathodic protection, or other treatments designed to prolong
bridge-deck life.

The deterioration of reinforced-concrete bridge decks
is well known to highway bridge designers and main-
tenance engineers. The Office of Research and
Development of the Federal Highway Administration
considers that the elimination of bridge-deck deterio-
ration deserves a high priority effort (1). It is generally
believed that the most common cause of bridge-deck
distress is the corrosion of the reinforcing steel that
results from the intrusion of chlorides into the concrete
after repeated deicer applications (2, 3,4, 5). Most re-
search on bridge-deck deterioration has been directed
at stopping or abating the intrusion of chlorides into the
concrete.

There has been very little or no research on types of
deck systems that are not significantly affected by
chlorides. One such system is that of steel-grid con-
struction filled with concrete.

The purpose of this paper is to draw attention to the
existence of grid systems that have performed well for
over 40 years and are still in sound structural condition.
An investigation of more than 400 000 m® (4 000 000 ft*)
of such decking on bridges built between 1931 and 1969
showed that concrete-filled steel-grid decks have with-
stood heavy traffic under severe weather conditions (6).

Physical examination of these decks showed that there
was no sign of distress and that the concrete was in
sound condition. The chloride concentrations found in
some of these decks are sufficient to initiate corrosion
of the steel grid. However, none of the decks tested
showed any surface spalling or corrosion (7).

The durability of concrete-filled steel-grid decks in
a chloride-containing environment is illustrated by one
of the smallest bridges investigated (Figure 1), which
has a deck area of 43 m® (468 ft*). This bridge deck has
been in service for 42 years. It has a mean chloride
concentration of 6.22 kg/m® (10.49 1b/yd®) of concrete,
but no physical damage or deterioration is noticeable.
The deck was built with concrete finished flush with the
top of the grid steel, and no wearing surface was ever
applied. The surface condition of the deck is shown in
Figure 2, in which the heavy lines are the exposed top

flanges of the main beams of the steel grid, and the
lines perpendicular to them are the tops of the rectan-
gular cross bars. This surface condition is typical for
grid decks where no wearing surface was ever used.

PERFORMANCE OF EXISTING CONCRETE-
FILLED STEEL-GRID DECKS

Information on the condition of 17 existing concrete-
filled steel-grid bridge decks was obtained from the
engineers responsible for their maintenance and is sum-
marized in Table 1. These decks have been in service
for 12 to 44 years. The history of their performance
has been excellent. The soundness of the concrete has
not been affected, and the steel within the concrete
shows no significant corrosion. However, bridges 11
and 12 have not performed well. On these two bridges,
the design did not specify an adequate amount of welding
of the grid to the supports and the transverse reinforce-
ment was not sufficient. These decks have had main-
tenance problems due to broken welds at the supports.
The broken welds have had to be repaired, but the decks
are still in service.

In general, concrete-filled steel-grid decks have been
designed according to the AASHO specifications for
highway bridges (8). These specifications do not provide
for adequate transverse steel or welding of grids to
supports. A review of the design and construction de-
tails of the 17 bridges showed certain differences that
have influenced the performances of the decks.

CONSTRUCTION OF CONCRETE-FILLED
STEEL-GRID DECKS

Steel-Grid Floor System

The typical construction details of a steel-grid floor
system are shown in Figures 3 and 4. The system con-
sists of the main load-carrying members (usually rolled
I-sections), top and bottom cross bars placed at right
angles to the main bars, and metal form pans that are
tack-welded to the bottom flanges of the main I-sections
to retain the concrete. The grid floor is factory assem-
bled—usually in panels 2.4 m (8 ft) wide and up to 14.6 m
(48 ft) long. These panels are then transported to the
bridge site and installed on the supports designed to
carry the deck to create a working platform for further
work such as splicing, bolting, welding, and building
expansion dams. No field formwork is required because
the metal form pans are already provided. After the
miscellaneous work is performed, the concrete is poured
and cured according to standard practices. The grid
panels can also be precast with concrete if necessary.

The materials used in the construction of grid decks
are usually, as specified by ASTM, A7, A7 (0.2 percent
copper), A36, or A588 steels.



12

Grid Beams and Main Members

Specially rolled I-sections have been extensively used
as the main stress-carrying members in the concrete-
filled steel-grid floors. Optimum sections are used to
provide approximately equal positive and negative
composite-section properties. The practical design

Figure 1. Concrete-filled steel-grid bridge deck built in 1934
{bridge 18).

Figure 2. General surface condition of concrete-filled steel-grid bridge
deck with no wearing surface after 42 years service {(bridge 18).

constraints are (a) to provide the least top flange width,
(b) to provide a sufficient mass in the bottom flange for
good bearing and welding, and (c) to provide a sufficient
flange width to retain the metal form pans.

The depths of sections commonly used have been 7.6,
8.9,10.8, and 12.7 e¢m (3, 3.5,4.25, and 5 in). The spac-
ing of the grid beams varies with the loading and span.
The masses of the I-sections and their mass distribu-
tions also differ even within sections having the same
depths. Auxiliary reinforcement is sometimes provided
if the rolled sections are widely spaced.

Transverse Steel

Transverse steel is commonly provided by constructing
the grid system with top and bottom cross bars.

The top cross bars have two important functions.
First, they serve to armor the deck and, therefore, play
an important role in reducing shrinkage cracks, which
significantly increases deck durability. Second, they
are a part of the transverse reinforcement of the slab
and, therefore, aseist in the lateral distribution of con-
centrated wheel loads. The major function of the bottom
cross bars is in the lateral distribution of concentrated
wheel loads, which requires that there be sufficient
tensile reinforcement to resist flexural stresses in the
transverse direction of the slab.

On the existing decks, the bottom cross bars and
their spacing vary greatly. Rectangular and round bars
have both been used in varying sizes. The bars have
been spaced from 15 to 61 cm (6 to 24 in) center to
center, with one approximately in the middle half of the
span. In the earlier designs, only two bars were used
for spans up to 1.83 m (6 ft) wide, but in later designs,
three bars are used for spans up to 1.98 m (6.5 ft) wide.
The current practice is to space the bars at 20.3-cm
(8-in) center-to-center intervals, except within 30.5 cm
(1 ft) of the supports.

The amount of transverse steel provided varies
widely among the bridges (Table 2). The total trans-
verse reinforcement (top and bottom) based on the gross
section of the main steel varied from 15.7 to 35.22 per-
cent. The bottom reinforcement varied from 3.10 to
21.65 percent, and the top reinforcement varied from
8.57 to 24.32 percent. These differences exist because
there are no design specifications for transverse rein-
forcement, and engineering judgments have varied.

No probiems have been reporied where the total
transverse steel exceeded 18 percent. The distribu-
tion of the reinforcement between the top and bottom
cross bars is found to be compensatory. Good perfor-
mance has been reported where the bottom reinforce-

Table 1. Existing concrete-filled

A A Grid Approximate
steel-grid bridge decks. Bridge Year Depth Dlel;k Area
No. Bridge Name Built Owner (mm) (m?)
1 South 10th Street 1932 Allegheny County, PA 76.2 4 738
2 Upper Black Eddy 1933 Delaware River Joint Toll Bridge Commission 88.9 1394
3 Highland Park 1937 Pennsylvania Department ol Transportation 108.0 10 325
4 Manhattan 1938 New York City 88.9 17 211
5 CT-661 (Middletown) 1938 Connecticut Department of Transportation 88.9 5017
6 Main Avenue 1939 Ohio Department of Transportation 108.0 35 742
7 East 21st Street 1939 Ohio Department of Transportation 108.0 6 689
8 Erie Avenue 1939 Ohio Department of Transportation 108.0 3 103
9 Bronx-Whitestone 1939 Triborough Bridge and Tunnel Authority 108.0 19-733
10 Charter Oak 1942 Connecticut Department of Transportation 108.0 3 ‘755
11 North 1950 Pennsylvania Department of Transportation 108.0 20 5086
12 Penrose 1951 Pennsylvania Department of Transportation 108.0 3198
13 Patapsco Project 1955 Maryland Transportation Authority 108.0 35273
14 Walt Whitman 1956 Delaware River Port Authority 127 89 915
15 Mackinac Straits 1957 Mackinac Bridge Authority 108.0 16 500
16 Throgs Neck 1961 Triborough Bridge and Tunnel Authority 127 20 547
17 Verrazano Narrows 1964 Triborough Bridge and Tunnel Authority 108,0 91 986

Note: 1 mm =0.039 inand 1 m? = 10.76 ft?.



Figure 3. Construction details of
typical concrete-filled steel-grid
floor,
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Table 2. Transverse steel and welding on existing
concrete-filled steel-grid bridge decks.

Transverse Steel®

(percentage of main steel) 6-mm

Bridge Fillet Weld”
No. Bottom Top Total (%)

3 8.60 21,00 29.60 14.9

4 12.61 22.61 35.22 49.6

5 3.35 16.95 20.30 13.2

6 3.90 12.62 16.52 19.8

7 5.51 12.60 18.11 24.8

8 5.51 12.60 18.11 24.8

9 17.00 12.60 29.60 16.5
10 10.50 13.39 23.89 19.8
11 3.62 12.60 16.22 13.2
12 3.10 12.60 15.70 13.2
13 12.67 18.90 31.57 26.4°
14 15.84 9.64 25.48 75.6°
15 8.70 24.32 33.02 52.9
16 17.02 8.57 25.59 90.8°
17 21.65 12.37 34.02 70.5

@ Based on gross areas,
5 1% fillet weld = 0.12 in/ft,
¢ Minimum welding where amount varied.

ment exceeded 5 percent of the gross area of the main
members. However, when the bottom cross bars were
widely spaced [61 cm (2 ft) on centers] and not ade-
quately compensated for by the top cross bars, the deck
performance has been unsatisfactory not only where
there was less than 18 percent transverse reinforce-
ment, but also where the splicing of cross bars and the
welding of grid beams to the stringers was minimal.

Fastening of Grid to Supports

Both welding and bolting have been used to fasten the
main beams of the grid decks to the supports. Welding
has been popular and economical. Because of this
positive connection, the grid floor filled with concrete
has a composite action with the supporting steel. To
ensure a durable and lasting connection, the weld must
be designed to withstand the anticipated stresses.

The amount of welding is another area in which the
details differ among the existing decks (Table 2). In
the earlier designs, a 6.35-mm (0.25-in) fillet weld,
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which gives an average of 18.75 percent (2.25 in/ft) on

the stringers, was used. This was later increased to

an average of 25 percent (3 in/ft) on the stringer, and

current practice is to provide an average of 50 percent
(6 in/ft).

These welding specifications are the manufacturers'’
recommended minimums based on experience. How-
ever, design load, stringer size, spacing, and spans
should also be considered in determining the size of the
welds. However, on the existing concrete-filled steel-
grid decks, no failures attributed to fatigue have been
reported.

Splicing Adjacent Panels

Splicing of the cross bars is important to maintain con-
tinuity and avoid weak links in the slab. In the earlier
designs, all the bottom cross bars were welded, but
only a few top cross bars were welded. The current
practice is to weld all top and all bottom cross bars.
Continuity of the main beams in a grid slab has always
been maintained by a welded connection, whenever
required.

Table 3. Condition of concrete-filled steel-grid bridge decks.

Mean
Approximate Chloride

Bridge Year Deck Area Percentage Concentration
No, Built  (m?) Spalled (kg/m’)
18 1934 43 0.0 6.22

19 1940 434 0.0 2,61

20 1958 241 - 0.15

21 1932 4645 0.0 1.72

22 1932 1279 0.0 0.63

23 1937 2880 - 1.12

24 1931 3292 - 3.90

25 1940 8941 - 2.07

Note: 1 m? = 10,76 ft2 and 1 kg/m® = 1,69 Ib/yd®

Table 4. Condition of Penn-Lincoln parkway bridges.

Mean
Approximate Chloride
Year Deck Area Percentage Concentration

Bridge No, Built (m? Spalled (kg/m?)
26 1953 3062 0.0 0.34
27 1953 4852 2.0 0.45
28 1955 3974 — 0.86
29 1953 1450 2.0 3.27
30 1958 4618 - 2,12
31 1958 4618 - 1.83
32 1958 3933 - 4,22
33 1958 6639 45.0 3.55
34 1953 2535 - 6.47
35 1956 124 50.0 2.98
36 1956 2575 25.0 5.55
3 1958 1570 5.0 3.11
38 1951 8012 12.0 4,67
39 1951 3099 70.0 2.59
40 1952 681 32.0 3.27
41 1951 744 - 3.18
42 1951 1175 - 5.64
43 1948 2111 - 5.43
44

Older portion 1951 439 5.0 3.83

Widened right lane 1971 110 0.0 0.0
45 1950 1079 18.0 3.04
46 1950 479 2.0 4.62
47 1961 5517 45.0 4.62
48 1961 3212 5.0 3.2%
49 1961 4505 - 5.09
50 1962 1598 7.0 1.61
51 1962 1998 317.0 0.18
52 1962 1971 22.0 4,45
53 1962 604 5.0 0.27
54 1962 604 4.0 0,77
55 1962 1022 3.0 0.12
56 1969 3679 - 0.14

|

Note: 1m? =10,76 ft? and 1 kg/m? = 1,69 Ib/yd?

The details of splicing top and bottom cross bars and
grid beams in adjacent panels vary, depending on the
engineer's judgment; different details have been used
for different bridges. The type and size of cross bars
and the nature of the supports govern the splice design.

Those decks where all the top and bottom cross bars
were spliced either by welding or by additional lap bars
have been trouble free. Simple lap splices with 5.1-cm
(2~in) long welds have been as effective as conserva-
tively designed ones.

Concrete and Metal Form Pans

It was not possible to obtain data on the mix proportions
and the quality control of the concrete used in the dif-
ferent bridges. But in all cases examined, the sound-
ness of the concrete has not been affected, and spalling
has not been observed.

The metal forms used have generally been 0.91 or
1.21-mm (no. 20 or no. 18) commercial-quality steel—
sometimes galvanized, but mostly painted on the ex-
posed side. These pan-shaped metal forms have not
shown any signs of distress after prolonged use except
at places where there is a direct water leakage and,
therefore, some rusting. They have been used only to
retain concrete and have never been considered to be a
part of the structural slab. Some precast decks have
been made without permanent metal form pans.

Wearing Surfaces

The grid decks on many of the bridges had had the con-
crete poured flush with the top of the grid steel. No ad-
ditional wearing surface was ever applied. Such decks
are still in service and, after 30 to 40 years of use,
show signs of surface wear mainly in the form of cup-
ping of the concrete enclosed within the cells formed by
the main beams and the top cross bars. The depth of
the cupping varies from 3.2 to 12,7 mm (0.13 to 0.5 in)
below the level of the top of the steel. On some decks, the
riding quality has been improved by the application of
asphaltic wearing surfaces. On bridge 6, an epoxy sys-
tem was used to provide a new wearing surface in 1974,
On bridge 22, a 25.4-mm (1-in) thick wearing surface
of latex-modified concrete was applied in 1973, after
40 years of service without any wearing of the surface.
This has worked well and is in good condition.

Soimne of the grid decks had been construcied with the
concrete poured to a depth of 19 mm (0.75 in) above the
top of the grid steel. This overfill was inadequate and
did not last long under traffic. However, the structural
slabs remained unaffected and are still in service.

The grid deck on bridge 17 was overfilled with con-
crete in one pour to a depth of 44.4 mm (1.75 in) above
the top of the grid steel. This has performed excel-
lently.

CHLORIDE CONCENTRATIONS

To assess the effects of deicing salts on the deteriora-
tion of two types of bridge decks, 42 reinforced-
concrete-slab bridge decks on the Penn-Lincoln Park-
way in Pittsburgh and I-79 were sampled, analyzed for
chloride concentrations, and evaluated for the physical
distress of their riding surfaces. Eight concrete-filled
steel-grid bridge decks were similarly tested.

Both the parkway and the I-79 bridges were chosen
for study because of the comparative variables asso-
ciated with their service life. All of each set were simi-
larly constructed, have experienced the same traffic
conditions, and, most importantly, have probably had
relatively similar quantities of salt applied. However,



the I-79 structures have experienced a shorter salting
period than the parkway bridges because of their newer
construction., Also, quality control was vastly improved
during their construction period. Therefore, a study of
these bridges should provide information about the
effects of chlorides during an early period in the service
life of a bridge deck and of whether or not their concrete,
which was made with better quality control, has a greater
ability to retard chloride intrusion.

All eight concrete-filled steel-grid decks sampled
were in the Pennsylvania Department of Transportation's
engineering district 11-0 and had service lives greater
than 17 years.

Samples for chloride testing were recovered from a
zone 12.7 mm (0.5 in) above the top mat of reinforcing

steel for the parkway and I-79 bridges. For the
Table 5. Condition of 1-79 bridges.
Mean
Approximate Chloride
Year Deck Area Percentage Concentration
Bridge No. Built  (m?) Spalled (kg/m")
57
Northbound 1965 1731 1.0 4,81
Southbound 1965 1731 0.5 2.32
58
Northbound 1965 4047 0.5 1.16
Southbound 1965 4047 0.5 1.33
59
Northbound 1965 1430 0.5 0.75
Southbound 1965 1430 0.5 2.09
60
Northbound 1965 4101 0.5 0,77
Southbound 1965 4101 0.5 0.28
61
Northbound 1972 1534 0.0 0.31
Southbound 1972 1534 0.0 0.32
62
Northbound 1972 5627 0.0 0.37
Southbound 1972 5627 0.0 0.28
63
Northbound 1973 2161 0.0 0.45
Southbound 1973 2161 0.0 0.61
64
Northbound 19173 1944 0.0 0.49
Southbound 19173 1944 0.0 0.41
65
Northbound 1973 73 0.0 0.47
Southbound 1973 773 0.0 0.60

66
Northbound 1971 1823
Southbound 1971 1823
67
Northbound 1971 2065
Southbound 1971 2065
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Note: 1 m? =10.76 ft2 and 1 kg/m> = 1.69 Ib/yd?

Figure 5. Tenth Street Bridge, built in 1932 (bridge 21).

- 35 1—

15

concrete-filled grid decks, the samples were collected
at a depth of 38.1 mm (1.5 in) below the top surface of
the deck steel. The procedure developed by Berman (9)
was used for the chloride analyses.

The results of the chloride tests of the concrete-filled
grid decks (bridges 18 through 25) are given in Table 3.
The results for the parkway bridge decks (bridges 26
through 56) and the I-79 bridge decks (bridges 57 through
67) are given in Tables 4 and 5 respectively.

The average chloride concentration of the parkway
bridges is 2.95 kg/m® (4.98 1b/yd®) of concrete. The
decks on bridges 26 through 36 (with the exception of
bridges 30, 31, and 32) were all constructed at the be-
ginning of the bare-pavement policy and had the highest
mean chloride concentration [3.49 kg/m?® (5.88 1b/yd®)
of concretel .

Only 3 of the 18 decks in this group had chloride con-
centrations of less than 1.19 kg/m® (2 1b/yd®) of concrete.
Bridge 26, after 23 years in service, had a chloride
concentration of 0.34 kg/m® (0,570 1b/ya®) of concrete
and showed no surface spalling. No explanation can be
offered for this because there were areas of insufficient
concrete cover.

Bridges 47 through 55 and bridges 30, 31, and 32 were
constructed between 1958 and 1962 and had a mean
chloride concentration of 2.37 kg/m® (4 1b/yd®) of
concrete. The surface spalls varied from 3 to 45 per-
cent of the traffic lanes. In general, all these decks
were in poor condition.

The bridge decks on I-79 were constructed between
1965 and 1973. These decks represent a more advanced
period in highway construction techniques. Their mean
chloride concentration is 1.0 kg/m® (1.68 1b/yd®) of con-
crete. Twenty-seven percent of the 22 decks tested
showed chloride concentrations greater than 1.19 kg/m®
(2 1b/yd®) of concrete. Two of these decks are only 5
years old.

In general, these 22 decks are in good condition.

The largest amount of surface spalling is on bridge 57,
which has 1 percent of its area spalled and a chloride
concentration of 4.81 kg/m® (8.11 1b/yd®) of concrete.

The mean chloride concentration of the concrete-
filled grid decks was 2.30 kg/m® (3.88 1b/yd®) of con-
crete. Although the average chloride concentrations of
the parkway and the concrete-filled grid decks are sim-
ilar, their surface spalling problems differ widely.

None of the steel-grid decks showed any signs of
physical distress in their deck surface. On the contrary,
all the parkway decks, with the exception of bridge 26,
showed from moderate to severe surface spalling. The
problems of the parkway decks are one of the reasons
for the $130 million parkway safety update project that
will eventually replace 95 percent of the reinforced-
concrete slab decks of the main-line bridges.

The durability of concrete-filled steel-grid decks in
a chloride-containing environment is illustrated by
bridge 21 (Figure 5). This deck has been in service for
44 years and had a mean chloride concentration of 1.92
kg/m® (2.90 1b/yd®) of concrete. The overall roadway
surface of approximately 4645 m® (50 000 ft*) is in a
remarkably good condition, although rust staining is
evident on the top surface of concrete.

CONCLUSIONS

The following conclusions can be drawn from the data
presented in this paper.

Research and test data on steel-grid systems have
not been available. The only guide for design has been
the AASHO specifications. The designs have varied in
details, and these have affected their performance. The
unsatisfactory performance of two bridge decks has been
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traced to inadequate welding of grids to supports, pro-
vision of transverse steel, and splicing of adjacent grid
panels. These details can be improved by proper re-
search and analysis.

The chloride concentrations found in concrete-filled
steel-grid bridge decks are sufficient to initiate cor-
rosion of the steel. However, none of the grid decks
tested showed any surface spalling.

The chloride concentrations found in the reinforced-
concrete slab decks of the parkway bridges are sufficient
to initiate corrosion of the reinforcing steel. The phys-
ical condition of the majority of these bridge decks
shows that surface spalling is a serious problem.

The chloride concentrations found in the reinforced-
concrete slab decks of the bridges on I-79 showed that
27 percent of the decks sampled contained chlorides in
amounts sufficient to initiate corrosion of the reinforcing
steel. However, since the oldest deck is only 11 years
old and all the decks are in generally good condition,
these bridge decks are merely undergoing the prelimi-
nary phases of steel corrosion, and surface spalls have
not had sufficient time to develop.

The single most important conclusion of this study is
that concrete-filled steel-grid bridge decks are effective
in providing long serviceability in chloride-containing
environments. This is accomplished without the help
of waterproofing membranes, coatings on steel, cathodic
protection, or any other substances designed to prolong
bridge deck life. At the same time, the construction of
such decks does not require high-caliber quality control.

A review of two bridge biddings in October 1975,
indicates that concrete-filled steel-grid decks are eco-
nomically competitive with reinforced-concrete slab
decks. The bid price received for the reinforced-
concrete slab decks in the parkway west safety update
project [13 350 m* (143 560 ft*) on four bridges] was
$125.60/m* ($11.63/1t*), including galvanized bars and
a waterproofing membrane. The low bid received for
the replacement of one 434-m® (4669-ft*) bridge deck was
$139.60/m? ($12.00/ft?) for a concrete-filled steel-
grid deck. Thus, the concrete-filled steel-grid bridge
deck may be an economical, lightweight, and durable
solution to the problem of bridge-deck deterioration.
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Possible Explanation of Concrete

Pop-Outs

J. H. Havens and R. C. Deen, Bureau of Highways, Kentucky Department

of Transportation

Several years of research relating to damage to concrete and aggregates
undergoing freezing and thawing is summarized. Basic principles involv-
ing freezing and the attendant pressures are discussed. These principles
were applied to the evaluation of concrete in experiments on concretes
having low and high air contents. The freeze-thaw characteristics of sat-
urated aggregates relative to their physical properties such as porosity,
absorption, and bulk specific gravity were studied by submerging indi-
vidual particles in prechilled mercury. The pressures associated with
pop-outs in concrete were monitored and are discussed in theoretical
terms,

Voids occur in concrete through the entrapment and
entrainment of air, the occlusion of excess mix water,
differences in the specific volumes of reactants and hy-
dration products, leaching of hydration products such
as CaO and the use of porous aggregates. Those voids
that are easily saturated affect the durability of the con-
crete unfavorably while those that are less permeable
increase the durability. Much water is occluded in con-
crete in the form of excess mix water and water ab-



sorbed by the aggregate. Concrete that has not been
allowed to dry after curing and before the onset of
freezing does not perform as well in laboratory tests
as does concrete that has been dried, but otherwise is
similar. This indicates that a somewhat irreversible
fixation or tightening of the mortar structure attends
drying so that the concrete becomes less susceptible to
resaturation; i.e., the process of drying may close some
of the pores. The use of aggregate that is merely
moistened, as opposed to soaked or saturated, in the
concrete favorably affects its durability—at least in
laboratory freeze-thaw tests. Either or both of these
effects may be merely the result of delayed saturation.
Dry concrete is unaffected by freezing and thawing:
In fact, serious damage is sustained only when a high
degree of saturation exists. If the concrete is relatively
impermeable, even though it contains a large percentage
of voids, saturation is unlikely to occur unless exposure
to water is sustained for a long period of time. In natu-
ral exposures, periods of wetting alternate with periods
of drying, and the durations of the drying periods tend
to exceed those of the wetting periods. In the random
course of nature, a concrete structure such as a bridge
would tend to dry; however, long interim periods of
wetness followed immediately by freezing may be ex-
tremely damaging.

BASIC THERMAL ANALYSIS

The density of water at 0°C (32°F) is 999.8 kg/m® (62.4
1b/ft*), and the density of ice at 0°C is 917 kg/m® (57.2
1b/6t®) (1). There is an increase in volume of approxi-
mately 9 percent when water freezes. If the pores or
voids in concrete are completely filled with water and
this is frozen, the concrete must dilate or expand pro-
portionally.

Saturation of all voids to 91.7 percent is termed crit-
ical saturation, alluding to the degree of saturation be-
yond which freezing of the water overfills the voids with
ice and creates internal expansive pressures. While
its theoretical meaning is quite clear, its practical
meaning is more in the sense of a statistical average
that can be interpreted in two ways: (a) 91.7 percent of
the voids are completely filled or (b) all the voids are
filled to 91.7 percent of their capacity. The first pos-
sibility could be extremely damaging to concrete under-
going freezing; if the second possibility accurately de-
scribed the condition of the water in the concrete, there
would be no damage from freezing.

Analogous Phenomena

To demonstrate some basic principles, preliminary
experiments were made on rather idealized models (2).
First, water in an open vessel was frozen in air, and a
time versus temperature record was made with a ther-
mocouple placed near the center of the volume of water.
The resulting thermograph (Figure 1) had a broad step
at (°C with no noticeable depression of the freezing
point. Second, a closed vessel or steel bomb was im-
provised from a 76.2-mm (3-in) diameter pipe nipple
and two cast-iron caps. A valve and thermocouple well
were tapped into the nipple. The bomb was filled with
water and frozen in air as before; the resulting thermo-
graph is also shown in Figure 1. Freezing began at
0°C, the freezing point gradually decreased to -4°C
(25°F), and then suddenly the cap ruptured and the tem-
perature increased to °C. The pressure at rupture
agreed closely with the estimated ultimate strength of
the cast-iron caps [48 MPa (7000 Ibf/in®)].

Third, the ruptured cap was replaced, and the bomb
was filled with water to 96 percent of its capacity. Here
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again, the water began to freeze at °C, but there was
no immediate depression of the freezing point and conse-
quently no immediate increase in pressure. In this
case, the development of pressure was delayed until
most of the water had frozen. The depression of the
final freezing point was 3.3°C (6°F) and the pressure at
this point was 43 MPa (6200 1bf/in®); there was no ex-
plosive rupture, but the caps yielded considerably.

Experimental Phenomena

Figure 2 illustrates a typical time versus temperature
curve obtained from an oven-dried specimen of concrete
undergoing one freeze-thaw cycle. Since the freezing
was done in air, the specimen temperature lagged be-
hind the air temperature, and there were no sharp
breaks or steps in the cooling curve. On flooding the
freezing chamber with water at 4°C (40°F), the temper-
ature of the specimen increased rapidly, but there were
no sharp steps or breaks in the curve. Figure 2 also
illustrates a typical time versus temperature curve ob-
tained from a highly porous, highly absorptive, highly
saturated concrete undergoing one cycle of freeze-thaw.
The steps in the freezing and thawing curves occurred
at approximately the same temperature—near, but not
exactly at, the normal freezing temperature of water.
The portions of the curves above and below that step
have characteristically different curvatures, and the
steps are not merely offsets in otherwise normal cooling
and heating curves. The slopes of either or both curves
as they approach the step may be described as AT /At,
i.e., the incremental change in temperature per incre-
ment of time. This factor, when multiplied by the
product of the specific heat and the weight of the con-
crete specimen would give the rate at which heat was
being removed from the specimen. The product

of the time lapse and the rate of heat removal should
correspond approximately to the isothermal change in
heat content (AH) accompanying freezing of the water in
the specimen. From Figure 2, it is also apparent that
the freezing step is sloping slightly downward from (°C,
signifying that the water began to freeze at a normal
pressure of 98 kPa (1 atm), but finished freezing at
-22°C (28°F), which corresponds to the freezing point

of pure water at a pressure of approximately 31 MPa
(4500 1bf /in®). Since there is no apparent depression of
the initial freezing point, no supercooling or other inter-
ference mechanism is evident.

A large part of the water absorbed into concrete at
saturation may be regarded as being free water that will
freeze and evaporate in much the same way that pure
water will; it is this water to which the analysis of
freezing-point depression and pressure applies most
directly. However, part of the water, in addition to the
water of hydration and crystallization, exists in an in-
finitely more complex state because of internal surface
absorption and capillary tensions in the concrete. This
part of the water is not expected to have a normal freez-
ing point, and it may be of little or no significance here
unless its effects appear as an interference mechanism
distorting the prototype thermograph.

The only other serious possibility of an interference
mechanism is the effect of dissolved electrolytes on the
freezing characteristics of the so-called free water.
The most abundant solute in hardened concrete is
Ca(OH):, but its solubility at (°C is about 1.85 kg/m®
(0.115 1b/t%). If complete saturation and 90 percent
dissociation are assumed, this would depress the ini-
tial freezing point approximately 0.1°C (0.2°F). Since
the solution is saturated, it becomes a eutectic or
constant-freezing mixture that should otherwise re-
spond to pressure according to the prototype thermo-
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graph. The possible effects of alkali available from the
cement may be similarly estimated by assuming 0.6 per-
cent alkali by weight of cement and the maximum free
water to be approximately equal to the excess mix water.
This quantity of alkali, if available as solute, would
depress the initial freezing point a maximum of 1.4°C
(2.5°F). Since there are no such initial depressions
apparent, the concentration of alkali must be rather
small, at least while the greater portion of water is
freezing. Alkalies such as NaOH and KOH are much
more soluble than Ca(OH):. In dilute solutions of this
type, water freezes into nearly pure ice and concen-
trates the salts in the remaining solution; this decreases

Figure 1. Typical thermographs.
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Figure 2. Typical time versus temperature curves of concrete
undergoing single freeze-thaw cycle.
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the freezing point of the remaining solution. This type
of interference mechanism would cause the freezing
point step to curve downward at an increasing rate, and
there would be no discrete terminus to the step. A
general, but cursory, conception of the effects of pres-
sure and different concentrations of highly soluble elec -
trolytes is compared with the normal freezing curve for
pure unrestrained water in Figure 3.

In another experiment, two sets of 152-mm (6-in)
cubes were cast using a six-bag mix, a 76-mm (3-in)
slump, and a dense limestone aggregate. One set con-
tained 13 percent air; in the other set, the concrete was
vibrated to expel the entrapped air and had a final air
content of 0.7 percent. The two sets of specimens rep-
resent extremes of air contents and were a deliberate
attempt to magnify the effects of the air contents on the
thermographs. Three thermocouples were cast into
these specimens to measure their freezing points. One
specimen from each of the two sets was moist cured for
5 weeks before the beginning of freeze-thaw, and these
specimens failed to exhibit any indication of a freezing-
point step even after 30 cycles. The other specimens
of each set were cured 14 d and immersed in water for
24 h before the beginning of freeze-thaw. These speci-
mens showed a progressive broadening of the step and
a progressive differentiation between the air-entrained
and the non-air-entrained concretes, indicating that
the rate of absorption of water by the non-air-entrained
concrete was much greater. Freeze-thaw was continued
to 77 cycles, at which time the non-air-entrained speci-
mens were virtually ruined. Thermographs of the first,
fortieth, and seventy-seventh cycles are shown in
Figure 4.

The failure of the two concrete specimens that were
cured 5 weeks to exhibit a significant thermal step, even
after 30 cycles of freeze-thaw, offers an example of
highly retarded or delayed saturation. Continued curing
and hydration tend to desiccate the smaller interstices
of the cement gel and reduce the free water content of
the concrete. Continued curing would likewise densify
and strengthen the mortar against subsequent ingresses
of water. Thus, the mere number of freeze-thaw cycles
that a concrete specimen is able to withstand before
saturation becomes critical is probably not as significant
as the time duration of the conditions causing absorption
of water and eventual saturation. It is suggested, there-
fore, that the number of regular cycles or the time pre-
ceding the development of a significant thermal step and
freezing-point depression may be a significant basis for
evaluating concrete durability.

FREEZE-THAW RESISTANCE OF
AGGREGATES

The present methods for testing aggregates use com-
posite samples, and the results of such tests provide
average values. For example, the average value of ab-
sorption obtained from a composite sample may have a
low value indicating a sound aggregate; however, if each
particle were analyzed, it might be found that a portion
of the aggregate was so highly absorptive as to be detri-
mental to concrete. The percentage of these deleterious
particles in an aggregate is also important. Logically,
in determining the soundness of an aggregate sample, the
freeze-thaw testing should be conducted on a per-particle
basis. Each particle should be saturated at the onset of
testing and kept saturated during testing. For study
purposes, the degree of saturation may be varied.
Maximum saturation definitely establishes the ultimate
susceptibility of the aggregate to damage from freezing
and thawing.



Figure 4. Time versus temperature curves of concrete
containing 0.7 and 13 percent air moist-cured 14 d and
soaked 24 h.
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Figure 6. Relation between particle size and
percentage of fractured particles after exposure to
four freeze-thaw cycles.
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Phenomena

To obtain objective data—definitive relations between the
effects of freezing and thawing and such physical prop-
erties as porosity, absorption, and bulk specific grav-
ity —pertaining to the freeze-thaw characteristics of
aggregate, the following conditions were required (§):
(a) a freezing medium in which each aggregate particle
could be frozen quickly so that the quickly frozen sur-
face would form a seal or shell about the particle and
retain the pore water and (b) 2 medium that would not
contaminate the pore water. Chilled mercury was cho-
sen as the freezing medium—it has a high thermal con-
ductivity, it is immiscible with water, and it has a low
freezing point. The test consisted of submerging the
aggregate particle in prechilled mercury. Preliminary
testing showed that if a particle did not show visual dis-
tress at the end of four cycles—which could be performed
in a matter of minutes—it would withstand innumerable
cycles.

A saturated gravel that represented a variety of rock
types and possessed a wide range of physical properties |
was secured from a glacial outwash deposit and kept in- ‘
undated to ensure saturated conditions. The primary
constituents of the aggregate sample were dolomites, |
cherts, limestones, sandstones, siltstones, and various
igneous and metamorphic rock particles. Although ‘
usually acceptable for concrete, this gravel contained
both sound and unsound particles and provided an ap-
propriate assortment of particles.

After grading according to five sizes ranging from
4.75 to 38.1 mm (no.4 sieve to 1.5 in), each particle was
numbered. For each particle, the saturated-surface
dry weight and the bulk volume, by mercury displace-
ment, were measured before the freeze-thaw tests, and
the bulk specific gravity was calculated. The freezing
was accomplished by submerging each particle in cold
mercury [ -30 to -35°C (-22 to -31°F)] for 5 min. The
mercury was contained in a glass cylinder enclosed in
an insulated container of dry ice (solid COz). At the end
of each freezing cycle, the particle was removed from
the mercury, placed in a container of water, and allowed
to thaw. At the end of each thawing cycle, the particle
was examined visually and any distress resulting from
the freezing and thawing was recorded.

Absorption values for each particle were determined
after the freeze-thaw testing. Each particle {(or major
piece) was dried to a constant weight at 110°C (230 F).

The absorption of each particle was calculated from

w = 100(W - Wg)/Ws (0
where

w = absorption (percent),
W; = saturated-surface dry weight of particle (or
major pieces), and
W, = oven-dried weight of particle (or major pieces).

Porosity calculations were made by using

1= 100Gggp w/(100 + w) (2)

where 7 = porosity (percent) and Gss, = bulk specific
gravity (saturated-surface dry). (This equation applies
only for saturated aggregates.)

The accumulated number of fractured particles at
the end of each freeze-thaw cycle, expressed as a per-
centage of the total number of particles, is shown in Fig-
ure 5. Of the total number of fractures, approximately
70 percent occurred during the first freezing cycle. The
small increases in the accumulated percentage of frac-
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tured particles that occurred after succeeding cycles
are probably due to fractures that were undetected at

the end of the first freezing cycle and required additional
cycles before they became visible.

The percentage of fractured particles at the end of
the fourth cycle of freeze-thaw, for each particle size
tested, is shown in Figure 6. The largest percentage
of fractured particles occurred in the 12.5-mm (0.5 in)
size; the smallest percentages occurred in the 25 and
4,75-mm (1-in and no. 4) sizes. The average percentage
of fractured particles of all sizes combined was 53.6.
The 25-mm particles were mostly igneous and meta-
morphic rock particles that, by their mode of formation,
are less porous than water-lain sedimentary rocks.
Most of the 12.5-mm particles were porous cherts and
dolomites. Most of the 4.75-mm particles were quartz.

The relation between the soundness of the test parti-
cles and their adjusted porosity values is shown in
Figure 7. As expected, the more porous particles were
less durable than the less porous particles. All parti-
cles having a porosity of more than 11 percent fractured
in the freeze-thaw test; less than 25 percent of the parti-
cles having a porosity of less than 2 percent fractured.

The relation between the percentage of fractured
particles and the absorption values of the test particles
is also shown in Figure 7. All particles having absorp-
tions of 4 or more percent failed when subjected to
freezing and thawing. Very few specimens having ab-
sorptions of less than 1 percent failed. Between these
extremes, the percentage of particles failing increased
as the absorption increased.

Theory

The ability of a rock fragment to withstand the internal
pressures that accompany freezing is controlled by cer-
tain inherent properties of the fragment. These prop-
erties can be understood in terms of Timoshenko's ex-
planation (4) of Lame's solution for the radial and tan-
gential stresses in a thick-walled, spherical container
under internal and external pressures. If the exterior
confining pressure (P,) is zero, Timoshenko's equation
for radial stresses (o,) at the extreme outer fiber is

0,=0 (3)

Figure 7. Relation between porosity and absorption and
percentage of fractured particles after exposure to four
freeze-thaw cycles.
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For tangential stresses (o), Timoshenko's equation
reduces to

0, = 3P;a3/2(a% - b%) 4)
where
P, = internal pressure,

a = inner radius of sphere, and
b = outer radius of sphere.

If

V, = 4ma¥/3 =V, (5)
and

V, = 4nb¥/3 6)
where

V., = volume of voids,
V. = total volume of sphere, and
n = porosity = V,/V, are substituted in Equation
4, it becomes

0, =3Pn/2(1 -n) )]

o, along the outer edge of the spherical container is
zero, and o, at the same point, which is a tensile stress,
is dependent on the porosity and tensile strength of the
container and independent of its size or total volume.

If o, is replaced by the tensile strength (0,), Equation
7 becomes

P, =20,(1 -0)/30 (8)

where P, = maximum allowable internal pressure. The
tensile strengths of the gravel particles were not deter-
mined, but similar materials have tensile strengths
ranging from 0.7 to 7 MPa (100 to 1000 1bf/in®). If the
tensile strength is known, the maximum allowable in-
ternal pressure for various porosity values can be cal-
culated. Porosity-pressure curves for tensile strengths
of 2,4, and 6 MPa (300, 600, and 900 Ibf/in?) are shown
in Figure 8.

The determination of the internal pressure accom-
panying ithe ireezing of waler within a 11011ow sphere can
also be approached from a theoretical standpoint. If
the temperature-volume changes of the sphere, water,
and ice are neglected, the volume of ice (V,) within the
cavity, assuming all the water freezes, is

Vi =4ma®S(1 +B)(1 - P;K)/3 ()]
where
S = degree of saturation,
8 = volume increase accompanying freezing of water,
and

K = bulk modulus of ice.

The tangential strain at any point within the sphere is
given by

€ = 6/1- = (at/E) - M(U‘-/E) (10)
where

¢, = tangential strain,
8 = radial displacement,
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E = Young's modulus of elasticity of sphere,
y = Poisson's ratio of sphere, and
r = radial distance.

By assuming that P, = 0 and substituting for V, and V,,
the increase in the radius of the internal cavity or void
due to an internal pressure reduces to

6 =aP(1 +u + 2u - 4un)/2E( - 1) (1D

The volume of the cavity (V,) under internal pressure
will thus increase to

V. = 4ma®(C*P} + 3C?*P? +3CP; + 1)/3 (12)

where C = (1 +p + 24 - 4un)/2E (1 - n). The volume

of the ice within the cavity must be equal to the volume of
the cavity. By equating the two and rearranging, it
follows that

P+ (3P/C) + [P;(3CK + S+ SB)/C3K] +(1-5 - 8B)/C* =0 (13)

The internal pressure was calculated for various poros-
ity values by using the following values: y = 0.365, E =
6.9 GPa (1 000 000 Ibf/in®), K = 8.3 GPa (1 200 000 lbf/
in?), 8§ =1.00, and 8 = 0.0917. This plot is superimposed
on the maximum allowable internal pressure curves in
Figure 8.

The intercepts of the maximum and the available
pressure curves are the maximum safe-porosity values.
At porosities greater than these, rupture will occur at
less than the maximum available pressure. Pressure
is dependent on temperature, and as the porosity in-
creases, less pressure—and consequently less severe
temperatures —will cause failure. Figure 8 also shows
the theoretical relations among disruptive temperature,
porosity, and tensile strength. For a given tensile
strength, the disruptive temperature increases as the
porosity increases, and rupture may occur at a tem-
perature slightly below freezing if the porosity is high.

The range over which critical porosity occurs is a
manifestation of the inherent tensile strength of the
aggregate. Whereas it must be presumed that tensile
strength varies in inverse proportion to porosity, the
inherent tensile strength varies within a wide range
that depends on the mineralogical nature of the aggre-
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gate. Hence, the force opposing the expansion accom-
panying freezing—and therefore the limiting pressure—
is governed by the restraining strength of the aggregate
or the confining vessel. Logically, an encasement me-
dium such as mortar or concrete will provide additional
restraint against the forces emanating from a dilating
particle of aggregate. Thus, restraint increases with
depth of embedment. A saturated particle of aggregate
in concrete may be viewed as being a center of com-
pression, and the surrounding concrete may be viewed
as a thick-walled shell or vessel. Of course, at near-
surface locations, the restraint is unbalanced, and pop-
outs or cracking will result if the dilating pressures
are critical.

PRESSURES ASSOCIATED WITH
POP-OUTS

Pop-outs and deep-seated deterioration are generally
associated with high absorptivity and high saturation.
Aggregate particles of all sizes are capable of inducing
damaging pressures. Particles that are near the surface
may produce pop-outs even though the dilating pres-
sures are relatively low because the surrounding shell

of concrete offers only minor restraint.

Phenomena

To gain a better understanding of the mechanisms asso-
ciated with these signs of distress, failures were in-
duced by subjecting voids of varying diameters and
depths below the concrete surface to hydrostatic pres-
sure (5). Concrete specimens [254 by 254 by 102 mm
(10 by 10 by 4 in)] were cast from six-bag concrete con-
taining limestone coarse and fine aggregates. The
specimens were moist cured at 25°C (77°F) 28 d. Each
specimen was then drilled with a flat-faced masonary bit
to form a cylindrical hole in the center of one of the 254
by 254-mm surfaces. The hole depths ranged from 63.5
to 93.4 mm (2.5 to 3.875 in) and provided depths of burial
ranging from 28.1 to 3.2 mm (1.5 to 0.125 in). The diam-
eters of the bits used for drilling were 6.4, 9.5,12.7,19.1,
25.4, and 34.9 mm (0.25, 0.375, 0.5, 0.75, 1, and 1.375 in).
A 6.4-mm (0.25-in) high-pressure tube and rubber gas-
ket assembly was placed in each specimen to within 19.1
mm (0.75 in) of the bottom of the void. The tubing and
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gasket were held in place with high-strength epoxy ce-
ment. In all cases, the void depth was 19.1 mm, and
only the void diameter and the depth of burial were
varied.

A hand-operated pump capable of producing a maxi-
mum pressure of 34 MPa (5000 Ibf/in®) was connected to
the pressure tubing, and glycerin was pumped into the
artificial void at such a rate that the pressure zone was
limited essentially to the pressure cavity. [This method
has also been used by Bache and Isen (6) to illustrate
failure patterns.] The time required to attain the final
pressure was approximately 10 s. The characteristics
of a resultant pop-out are illustrated in Figure 9. The
pressures required to produce pop-outs in the various
specimens are shown by the series of curves in Figure
10, which present data obtained from tests on 150 speci-
mens. Results obtained had a remarkably high degree
of duplication. For similar depths of burial, greater

Figure 9. Test specimen showing pop-out.

pressures were required to produce pop-outs in the
smaller diameter cavities than were required for the
larger cavities. Figure 10 indicates that a cover of
about 23 mm (0.9 in) would be necessary for protection
against failure from the pressures expected within a
6.4-mm (0.25-in) cavity, and a cover of approximately
31.8 mm (1.25 in) would be needed for 34.9-mm (1.375-
in) cavities. All the pop-outs were predominantly coni-
cal, and thinning was more pronounced along the outer
surface perimeter of the larger pop-outs. Failure
widths for the 19,1 and 25.4-mm (0.75 and 1-in) cavities
at varying depths of burial are shown in Figure 11,
Failure angles were computed from the fitted curves and
are shown in Figure 12. The failure angle is signifi-
cantly related to the cavity diameter and the depth of
burial.

Specimens containing cavities that were more deeply
buried split into two sections as shown in the sketch in-
serted in Figure 13. The pressures required to produce
this type failure varied with the cavity diameter but were
independent of the depth of burial—that is, above the
limit of pop-out failure. The pressures to induce fail-
ures of this type did not vary appreciably with the depth
of burial because the area of resistance to failure was
constant [ 102 by 254 mm (4 by 10 in)] for all specimens.
The limiting depth of burial for a given cavity diameter
at which the mode of failure changes is governed by the
specimen dimensions, and pop-outs would occur at
greater depths of burial in specimens larger than those
tested here. Splitting-type failures are represented on
the curves in Figure 10 in the zones of zero slope.
Failures of this type can be considered as the deep-
seated deterioration commonly associated with deeply
embedded and highly absorptive aggregate particles.
High dilating pressures are necessary for these failures
because the restraint on the particles is greater.

Additional tests were conducted by casting water-
filled spherical capsules in concrete specimens of the
same size as described above. A copper-constantan
thermocouple was placed in the center of each sphere of
water, and the voltages were amplified and recorded,
making possible temperature measurements within *4°C
(0.14°F). The pressures accompanying the confined
freezing of water within the spheres were computed from
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Figure 11. Relations among depth of burial, void
diameter, and pop-out width.
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Figure 12, Relation between failure angle and depth of burial.

mm In
14
35[—
L
12 |-
0}
2sf 10 F
A=
T
2 8
x . 8 F
T 20
@
L
w
O skoek
=
b W
]
ST Y
o \\/
i O~ _
ol 2} [ -
34-n (19-mm) DIAMETER VOID
ok o Il L Il L L L L i 1 i L L J

20 20 40 50 6‘0 70 a0 90
FAILURE ANGLE, §°

the temperature data. The temperature at failure was
-4.0°C (24°F), and the accompanying pressure was 50
MPa (7200 1bf/in®). After rupture, the pressure de-
creased, and the freezing point returned to normal.
Freezing thereafter was isothermal. These events oc-
curred over a series of successive cycles rather than
within a single one. This was interpreted as a manifes-
tation of progressive damage.

Theory

Within a semi-infinite mass, there is a free-field stress
distribution. When the continuity of an assumed homo-
geneous material such as concrete is interrupted by the
presence of a porous and saturated aggregate particle
undergoing freezing, stresses near the particle are no
longer equal to the free-field stresses because there is
a discontinuity of strains or deformations at the
aggregate-matrix interface. Because of this discon-
tinuity, the induced differential pressures alter the at-
rest stress conditions that existed before freezing.

23

Figure 13. Pressure necessary to produce splitting failure in
deeply buried voids.
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pressures and pop-outs.
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Shear stresses are therefore mobilized within the con-
crete matrix and, if the shearing strength of the con-
crete is exceeded, the material may fail in the form of
a pop-out.

When a freezing aggregate particle is contained in a
concrete mass, relative displacements between the
particle and the surrounding matrix will occur, and
shearing stresses will be mobilized along those planes
that experience shearing distortions. Because of the
extremely high pressures that sometimes are developed
in freezing aggregate particles, the modulus of the po-
rous particle may be assumed to be greater than that of
the surrounding concrete matrix. The resulting condi-
tions may be, in a general way, assumed to be analo-
gous to the phenomenon of stress transference called
passive arching.

The application of theoretical solutions implies that
the material behaves elastically, but such behavior may
depart from ideal at high pressures. However, elastic
solutions are good approximations when small displace-
ments are involved. At large displacements, the
stresses in some regions will reach the yield stress,
and the stress distribution that finally results may be
quite different from the stress distribution determined
by considering only elastic equilibrium. In Figure 14,
the movements of the concrete matrix above plane CD
are denoted by arrows E and F. The material just above
CD tends to move upward because of the high pressures
induced by the freezing and expanding water within the
aggregate. The material to the sides of the aggregate
particle tends to move laterally, creating a condition
analogous to the passive pressure state, i.e., the lateral
stresses that occur at the limiting stage of lateral com-
pression. If the deformations proceed far enough and
the depth of burial is sufficiently small, the failure sur-
face may propagate to the surface of the concrete mass
and result in a pop-out. Rankine's theory gives the
passive pressure as

Pp = ydtan? (45° + ¢/2) + 2ctan (45° + ¢/2) (14
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where

P, = passive pressure,
v=unit mass,
d = depth of burial,
¢ = cohesion, and
¢ = angle of friction.

If typical values of 2.4 Mg/m® (150 1b/ft°) for the unit
mass of concrete, 7.8 MPa (950 Ibf/in®) for the cohesion,
and 47 for the friction angle are used, the passive pres-
sures calculated by Equation 14 are about 33 MPa (4800
1bf/in®). Because the depth of burial is small, the effect
of d in Equation 14 is extremely insignificant. The pas-
sive pressures determined from Equation 14 are about
the same order of magnitude as the compressive
strength of the concrete.

By assuming that passive pressures act over a rec-
tangular surface with dimensions equal to the depth of
burial and the void diameter (perpendicular to the plane
of the figure), the passive forces can be calculated from
Figure 14. If the coefficient of passive pressure is as-
sumed to be 3, the forces acting at the top interface be-
tween the void and the concrete mass can be determined,
and from this vertical force and the diameter of the void,
a calculated value of the void pressure can be obtained.
The table below summarizes such calculations for the
ranges of depth of burial and void diameter investigated
(1 mm = 0.039 in and 1 MPa = 145 1bf/in?).

f Void
gﬁﬁ:ﬂ ¢ Dioalmeter Void Pressure (MPa)
{mm) (mm)  Calculated Observed
25 25 14.1 14.8
13 25 7.0 9.0
25 35 10.1 8.7
13 35 5.0 6.6
25 6 54.1 324
13 6 27.1 27.9

The agreement between the calculated void pressures
and the void pressures observed to cause pop-out fail-
ure is extremely satisfactory in all except one case, the
25.4-mm (1-in) depth of burial for a void diameter of
6.4 mm (0.25 in).

On the basis of the calculations given above, it seems
reasonable to consider the passive-pressure concept as
adeguate to explain the mode of failure for pop-outs.
However, the case of the 6.4-mm diameter void buried
25.4 mm beneath the surface may be different; thus,
pressures originating at depths of three or four or more
times the cavity size cannot significantly exceed the com-
pressive strength of the concrete.

SUMMARY AND CONCLUSIONS

Aggregates having an absorption greater than 4 percent
are likely to rupture on freezing; aggregates having an

absorption less than 1 percent are generally unaffected
by freeze-thaw. A composite sample of aggregate parti-
cles may collectively absorb less than 4 percent water
by mass and still contain individual particles having ab-
sorptions significantly greater. Absorption tests based
solely on composite samples are not adequate in this
respect. The degradation of composite samples sub-
jected to saturation and quick freezing cycles could pro-
vide a measure of the proportions of sound and unsound
particles. Alternatively, each particle within a compos-
ite sample could be tested for absorption and the propor-
tions of deleterious material determined statistically.

Concretes can contain as much as 20 percent voids.
Theoretically, the critical volume of water in a void is
91.7 percent of saturation (capacity). It is intuitively
apparent that the system of voids in a mass of concrete
is infinitely complex. It would be possible, therefore,
for certain cavities or pores to be critically saturated
while others were relatively unsaturated. Here again,
gross absorption alone fails to define the state of satu-
ration (unless saturation is complete in all respects).
Forced saturation renders concretes and aggregates
susceptible to damage through freezing. The entrain-
ment of air causes concrete to be infinitely more dif-
ficult to saturate —probably by disconnection of the voids
or by the back pressure of air in minute spherical voids.
Aggregate particles are usually not immunized in this
way and tend to saturate preferentially. Nevertheless,
it seems reasonable to conclude that any mechanism by
which saturation is delayed or rendered improbable
increases the durability of concrete exposed to freezing
weather.
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Case Histories of Unsatisfactory and
Abnormal Field Performance of
Concrete During Construction

Bryant Mather, U.S. Army Engineer Waterways Experiment Station,

Vicksburg, Mississippi

Case histories are given relating to concrete produced in connection with
the construction of three different projects. One was a major building,
the second was an airfield pavement, and the third was a highway bridge
deck. The projects are located in three different states on the East Coast
of the United States. These case histories have in common that a major
part of the problem in each was low strengths of test cylinders. In the
first case, defective concrete containing the wrong aggregate and made
to the wrong mixture proportions was removed and replaced. In the
second case, the problem was traced to the presence in the aggregate

of aluminum particles from the bodies of the dump trucks in which it
had been transported. In the third case, there were many causes of loss
of control of the concrete properties; an instance was found of greater
variation of air content in a smaller volume than ever reported previously.
In this case, the safety factor in design allowed the concrete to remain in
the structure.

CASE 1: BUILDING

This case history began in August 1973. In the con-
struction of a reinforced-concrete building for which a
34.5-MPa (5000-1bf/in®) concrete had been specified and
a mixture proportioned by an approved commercial test-
ing laboratory was being used, the tests on the mixture
gave values of more than 41.4 MPa (6000 Ibf/in®), but
on the job there were many results in the 24 to 31-MPa
(3500 to 4500 1bf/in®) range.

The concrete in question had been placed between

April 10 and June 16. Air temperatures during and after
this period had been as high as 46°C (115°F), but by using

ice, the temperature at which the concrete was placed
was kept to 2 maximum of 29°C (85°F). Some probe
tests and some core tests had been made by the con-
tractor before the beginning of this study. The cylinder-
test data were evaluated, and a program of core sam-
pling and rebound-hammer testing was developed and
carried out. The table below shows the 28-d cylinder-
test results for the three strength classes of concrete
involved (1 MPa = 145 1bf/in®).

Strength (MPa)

Nominal Observed

28 22.5, 24.4, 26, 27.5, 27.8, 27.8, 27.9, 28, 28.1, 30, 30.4,
34,40.8

34.5 19.6, 23.9, 23.9, 24.2, 24.3, 24.4, 27.3, 37.6, 27.9, 28.6,
29.8, 29.9, 30.2, 30.8, 31.8, 32.6, 32.6, 33.6, 34.3,
34.4, 34.5, 34.6, 34.7, 34,7, 34.8, 34.8, 35, 35.5, 36,
36.2, 36.7, 37.9, 38.2, 42.6, 46.2, 47

38 20.6, 22.3, 30, 33.3, 34.2, 38.2, 38.2, 39, 42.8, 43.4,

46.5, 560.3

These results are summarized below.

Nominal Percentage
Strength Below Nominal
(MPa) n X (MPa) R (MPa)  Strength

28 13 28.3 18.4 31

34.5 36 325 27.5 b5

38 12 36.6 29.7 42

The following table shows the results of strength tests
on cores drilled from portions of the structure repre-

sented by specific cylinder-test results.

Strength (MPa)

Nominal Cylinder Core

28 22.5 23.2, 21.5
26 28.2, 24.8
27.8 24.4, 37.2
27.9 299, 27.7
30 25.7
304 37.2

34.5 19.6 25
23.2 33.1, 26
24.2 24,5
32,6 42.6
33.6 35.8
34.3 30.5
34.4 40.8, 48.1, 30.7
46.2 34.3
47 41.8

38 20.6 18.6
22.3 19.8, 21
30 20.3
33.3 29.9
34.2 30.8, 29.1
38.2 25,1, 38.1
46.5 33.2
50.3 54.4

These cores represented concrete 60 to 124 d old when
tested. In 5 of 21 locations where the cylinder strength
was below the specified level, the core strength was
above; in 5 of 12 locations where the cylinder strength
was above the specified level, the core strength was
below.

Rebound-hammer tests were conducted on areas ad-
jacent to the locations of the pairs of drilled cores.
Calibration curves were made for the rebound-number
versus core-strength relation for each class of concrete
(Figures 1,2, and 3).

The calibration curves were used to predict the range
of probable core strengths at a 99 percent confidence
level in locations not represented by cores. The table
below shows the predicted core strengths in such areas.

Nominal Nominal

Strength Range (MPa) Strength Range (MPa)

(MPa) High Low (MPa) High Low

34.5 6.2 376 38 3.72 34.8

6.2 37.5 3.72 34.8

10.3 37.8 4.62 34.8
11.5 37.8 4,62 34.8
12.4 37.9 4.68 34.8
13.1 37.9 6.21 34.9
14.1 38.0 11.3 35.4
18.7 38.4 12.4 35.7
21.2 38.7 12.8 36.4
22.3 38.8 15.2 36.7
23.0 39.0 15.9 37.0
24.1 39.3 18.4 38.5
24.1 39.3 20.7 41.3
26.8 40.3 221 43.3
31.56 45.3 22.6 46.4
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Figure 1. Core strength versus rebound-number calibration:
28-MPa mixture.
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Figure 2. Core strength versus rebound-number calibration:
34.5-MPa mixture.
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Figure 3. Core strength versus rebound-number calibration: 38-MPa
mixture.
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Nominal Nominal
Strength  Hange (MPz (MPa) Strength  Range (! {(MPa)
(MPa)” High Low (MPa) High Low
34.5 32.0 40.3 38 22.6 46.4
32.8 813 22.6 48.0

In the case of the 34.5-MPa concrete, there were no
areas in which the rebound values indicated, within 99
percent probability, either that the concrete must be
stronger or that it must be weaker than its nominal
value. However, in the case of the 38-MPa (5500~
1bf/in®) concrete, while in no area did the rebound
values indicate a 99 percent probability that the concrete
was at least nominal strength, in 11 of the 17 areas
tested, there was a 99 percent probability that it was
less than nominal strength. Additional rebound~hammer
tests were made but are not included here.

The procedure followed was to evaluate areas based
on the cores by using the following standard (1):

Concrete in the area represented by the core tests will be considered
structurally adequate if the average of the three cores is equal to at least
85 percent of [the ultimate compressive strength] f. and if no single core
is less than 75 percent of f..

On the basis of the core-test results and a few areas
where the cylinder-test results indicated low strengths,
which were confirmed by rebound-number estimates,



20 of 29 columns specified to contain 38-MPa (5500-
1bf/in®) concrete were determined to be not in compliance
with respect to strength. A few core samples were lab-
oratory tested to determine cement and air content. The
results (given below) for samples having specified ce-
ment and air contents of 439 kg/m® (752 1b/yd®) and 4
percent respectively make it clear that the deviation of
strength, at least in certain cases, from that required
by the contract and capable of being produced from the
approved mixtures, resulted from unauthorized changes
in aggregate type, aggregate grading, and cement con-
tent from those expected for these mixtures (lkg/m® =
0.062 b /it*®).

Cement Air

Strength (MPa) Content  Content

Nominal  Core (kg/m?®) (%)

345 24,5 233 8.7
40.8 603 3.7

38 20.4 316 2.2
37.6 628 6.7

Figure 4 shows cores of concrete containing the ap-
proved aggregate. Figure 5 shows cores of concrete

Figure 4, Cores from concrete made with approved aggregate.

Note: 1.in = 2.54 cm. S Semm e

Figure 5. Cores from concrete made with inferior aggregate.
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containing inferior aggregate from a different source
and of a different grading.

This experience suggests a method for using a non-
destructive test—i.e., the rebound hammer—to esti-
mate the range of strength of concrete in a structure.
In this case, the contractor was notified as to the known
extent of nonacceptable concrete by drilling and testing
cores, and he then removed and replaced those portions
of the structure.

CASE 2: AIRPORT PAVEMENT

This case history began in February 1974. The problem
was described as involving unusually large fluctuations
in flexural-strength results for no apparent cause. Ini-
tially, it seemed that the following assumptions could

be made:

1. Since the problem was encountered with both type
1 and type 1P cement, it is apparently not a function of
cement type.

2. Since the aggregates used have a long history of
satisfactory ability to produce concrete having a high
flexural strength, the problem is apparently not a func-
tion of the intrinsic quality of the aggregate.

3. Since many specimens were of satisfactory
strength, the problem appears to relate to specific
batches or specific specimens.

Figure 6. Aluminum particles from aggregate stockpile.

Figure 7. Hydrogen evolution by aluminum particles in alkaline
solution.
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Figure 8. Slice through full thickness of core showing zones Figure 10. Enlarged view of 3 percent air-content zone {Figure 8b).
of different air content: (a) 12 percent and (b) 3 percent.

On these assumptions, the first possibility considered
was based on a case history of concrete having an in-
creased gas-bubble content after placement that had been
pumped through aluminum pipe, but no pumping was
involved here. However, the aggregate was a hard,
tough, angular, crushed granite that was transported by
truck for a considerable distance from the production
site to the project site in large aluminum-body dump
trucks, and an analogous mechanism might be involved.
By March 18, work was resumed, it having been found
that satisfactory strengths were obtained when the coarse
aggregate was rewashed after delivery to the project site.

Meanwhile, it was establishied that graius of melailic
aluminum were present among the fines accompanying
the coarse aggregate as it was dumped into stockpiles
at the job site (Figure 6). It was also confirmed that
these particular aluminum particles evolved hydrogen
gas when immersed in an alkaline solution (Figure 7)
and that there is a direct relation between decreased
flexural strength and increased air content of hardened
concrete as determined by microscopic examination.

So far as is known, this is the first recorded case of
generation of hydrogen gas in concrete by aluminum
particles present as a contaminant in the aggregate after
transportation in aluminum-body trucks.

CASE 3: BRIDGE DECK

The third case began in August 1971. At first, the prob-
lem was one of bridge-deck deterioration, but by Sep-
tember, it had become one of quality assurance for a
replacement deck, The replacement was done during
the winter of 1971/1972 and used more than 2270 Mg

(50 000 cwt) of cement and 680 Mg (1 500 000 1b) of
reinforcing steel. The first mixture proportions se-
lected used a type 3 cement to give a 7-d design strength
of 31 MPa (4500 1bf/in®), i.e., an average of 35.2 MPa




(5100 1bf/in%). Problems were encountered because the
type 3 cement had been selected merely to reduce the
duration of the required period of wet curing. The
specifications were changed to membrane curing, type 1
cement, and a 28-d design strength of 31 MPa. In
November, about a month after placement was begun,
problems with the 28-d strength were encountered. The
concrete had been dry batched, hauled about 37 km (23
miles), mixed, discharged into a pump, pumped to the
deck, spread, consolidated, finished, and coated with
curing compound. The problems involved control of
slump and air content and seemed related to the length
of time between batching and discharge and to be ag-
gravated by the procedure of putting all the air-
entraining admixture in half of the wet sand that goes
over half of the stone and under the first half of the ce-
ment. An extensive series of tests using the rebound
hammer and core drill were made, and 45 cores were
tested in the laboratory. The core strengths averaged
19 MPa (2750 Ibf/in*) and ranged from 12 to 27.4 MPa
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(1710 to 3970 1bf/in®*). Three job-made cylinders had
strengths of 22.7 to 46.2 MPa (3300 to 6700 1bf/in®) and
cement contents of 288 to 625 kg/m® (5.1 to 11.1 bags/
yd®). Other cores were tested for air content and frost
resistance. The air contents of nine cores ranged from
5.7 to 10.2 percent, but one having a value of 7.2 percent
(Figure 8) had two zones, one with an air content of
about 12 percent (Figure 9) and the other with an air
content of about 3 percent (Figure 10). By May 1972,
the average core strength had increased from about 17.9
MPa (2600 1bf/in®) at 3 months age to about 20.7 MPa
(3000 Ibf/in®) at T months age.
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Map Cracking in Limestone-
Sweetened Concrete Pavement

Promotes D-Cracking

Carl F. Crumpton and John E. Bukovatz, Research Division,

Kansas Department of Transportation

A Portland cement-concrete pavement constructed in north central
Kansas in 1963 showed map cracking near the sawed transverse joints
by 1970. The pavement had been built using Republican River sand
gravel, which is known to be reactive, and 30 percent Towanda lime-
stone from near Milford, Kansas, had been added to the concrete mix
as a sweetener to prevent the map cracking. The limestone did not pre-
vent the map cracking, but was not otherwise involved in the deteriora-
tion that occurred before 1970. By 1972, however, after the surface
near the joints was opened by the map cracking, the limestone aggre-
gate particles became directly involved through the freeze-thaw deteri-
oration type of the D-cracking. By 1974, deterioration was rapidly
spreading outward from the transverse joints and blowups at the joints
were requiring considerable repair. The synergistic effects of map
cracking during the summer [with an average of 5000 degree hours,
above 29.4°C (85°F)], and D-cracking during the winter (with more
than 68 freeze-thaw cycles) promoted even more rapid deterioration
and joint blowups. The progress of the deterioration was followed

by the study of pavement cores obtained in 1970, 1972, and 1974.

For many years, a standard method for the prevention
of serious map cracking in Kansas concrete has been to
allow the addition of 30 percent limestone sweetener to
unapproved sand-gravel materials, (Unapproved in-
dicates that the sand gravel is known to be reactive and
produce map cracking or that no information is avail-
able concerning its service record either in the field or
from laboratory tests.) The sweetener is used with
either type 1 or type 2 cement.

In 1963, a 17.7-km (11-mile) long two-lane pavement
was constructed in north central Kansas. The con~
tractor chose an unapproved Republican River sand-
gravel material from Scandia, Kansas, with a fineness
modulus of 3.52 and a specific gravity of 2.62 as the

basic aggregate. For the sweetener, he chose Permian
Towanda limestone from Milford, Kansas. This lime~
stone coarse aggregate was all through a 38.1-mm (1.5-
in) sieve and had a fineness modulus of 7.24, a specific
gravity of 2.47, anda water absorption of 4 percent. The
particular limestone used is one of the better ones
available in Kansas interms of its resistance tothe freeze-
thaw type of D-cracking. Even so it has produced D~
cracking (1), and would be rejected in many states.
Studies made by the Corps of Engineers in their investi-
gations of aggregates for the Milford Dam showed that
the Towanda limestone was physically superior to most of
the coarse aggregates from sources economically avail-
able (5). Thus, the limestone chosen seemed the best of
those readily available. The aggregate mix ratio was
the standard 70 percent sand gravel and 30 percent lime-
stone sweetener. The contractor used a type 1 cement
that was near a type 2 and had the following properties:

Property Value (%)
Total alkali 0.59

C3A content 8.9
Autoclave soundness 0.33
C3S content 51.5

C,S content 23.4
MgO 2,356
SO3 1.82

The concrete mix used 368.1 kg/m® (620.4 1b/yd*) of
cement with a 0.47 water-to-cement ratio. The con-
crete was air entrained with a target value of 6.5 per-
cent. Two admixtures were used separately in some
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sections of the pavement on an experimental basis.
Lignosulfonic and hydroxylated carboxylic acid type,
water -reducing set retarders were each added at a rate
of 2 percent (2 0z/sack of cement). Where these were
used, the water-to-cement ratio was reduced to 0.44,
and the cement content was reduced to 340.2 kg/m’
(573.4 Ib/yd"). Control sections of pavement were
placed where the set retarders were not used. The
concrete mix was typical for the proportions used,

with a slump of about 44.45 mm (1.5 in) and a unit mass
of 81.89 kg/m" (138 1b/ft"). Everything appeared to be
normal, and no problems were anticipated from the
concrete for many years.

The first hint of a developing problem was in 1964.
In the D-cracking survey made late that year, this
pavement, which was less than 2 years old, exhibited
many short transverse cracks that showed a distinct but
narrow band of staining (1, Figure 7). Most of the joints
themselves showed little or no staining, Water was
present at the pavement surface seeping from many
cracks and joints. Otherwise, the pavement was in
good condition (1, Figure 8).

Staining is a matter of concern but not necessarily
an indicator of serious problems to come., However,
by 1969 the joints showed heavy stain that appeared to
be D-cracking and by 1970, there were dark stains
adjacent to the joints. Cores from such badly stained
areas usually have many cracked limestone particles
and nearly parallel horizontal cracks mostly limited to
the lower half of the core.

Cores were obtained from near several of the heavily
stained transverse joints. Close examination of their
top surfaces showed a fine pattern of cracking, but
internally the cracks were primarily vertical and ex-
tended only a short distance downward into the con-
crete. There were no cracks in the lower halves of
the cores. Gel was found in many of the cores, which
showed that a reaction was taking place, It was obvious
from the cores that the limestone coarse aggregates
were not directly involved in the deterioration. They
were sound, and the short surface cracks went around
rather than through them. There was no evidence in
the cores that freeze-thaw damage had occurred. The
Republican River sand gravel used contained its usual
volume of reactive particles, such as opaline siltstone,
opaline sandstone, opaline limestone, and glassy
volcanics (4). Steam treatment of some of the cores pro—
duced more gel, which showed that the reaction was not
complete.

The evaluation of the cores in 1970 led to the con-
clusion that the problem was one of map cracking,
rather than one of D-cracking, This is supported by
the 1970 report of Bukovatz and others (2), who found
that Towanda limestone (from same quarry as that used
here) used as a control was itself not effective in pre-
venting alkali-aggregate expansion. Thus, although the
limestone coarse aggregate was not directly involved in
the cracking, it was indirectly involved because it was
not adequately functioning as a sweetener.

Within 2 years, there was a distinct pattern of cracks
roughly parallel to the sawed transverse joints at
several locations. These cracks were interconnected
by a pattern of short cracks. This crack pattern was
not typical of D-cracking, but it was present only near
the transverse joints and transverse cracks, primarily
at the joints. Thus, it was present at typical D-crack
locations. The best description of the pattern is modified

map cracking (8) or hybrid mapcrackingand D-cracking (11).

A new set of cores was taken in 1972, many 0.3 m
(1 ft) or less from the locations of the 1970 cores.
Those taken from the cracked areas showed that the
internal concrete was much deteriorated, including

freeze-thaw deterioration of the limestone aggregate
that was limited tothe tophalves of the cores. In addi-
tion to the previously existing vertical cracks, there
was now a set of roughly parallel horizontal cracks in
the upper halves of the cores. The limestone aggregates
were now badly cracked. Several cores broke at the
level of the mesh, with the cracking primarily above
that level. Thus by 1972, it was evident that D-cracking
was also involved in the deterioration process.

With both modes of deterioration, map cracking and
D-cracking, operating synergistically during 1973,

1974, and 1975, there was rapid deterioration, and
blowups at the joints became a common occurrence.

By the end of 1974, only 3 percent of the more than 900
joints were still good. Seventy percent of the joints
showed staining and cracking, and the remaining 27
percent had required repairs varying from asphalt patch-
ing to complete replacement of the concrete at the joint
because of pavement blowups.

Cores were obtained again in 1974. The D-cracking
conditions were more widespread by then and deeper into
the concrete. The concrete next to the joint had pro-
gressed to the stage of hybrid map cracking and D~
cracking at which freeze-thaw deterioration was also
occurring, Farther away from the joint, but still within
the stained surface area, map cracking was occurring
in the surface, but freeze-thaw deterioration of the
limestone aggregates had not yet begun. Cores taken
some distance from the joint and outside the stained
area showed some evidence of map cracking through
surface crazing and minor internal gel deposits. There
was no indication of freeze-thaw damage in the nearly
sound concrete areas outside the stained zone. A series
of cores taken successively farther away from the sawed
joint showed the deterioration history as it had been ob-
served through time near the joint,

First, there is a fine surface crazing that can be
seen only by close scrutiny. This is accompanied by,
or more often preceded by, the staining of the surface
near the joints. The staining is a result of deposits
left at the surface through evaporation of water that
seeps to the surface near the joints. This continuous
wetting and drying at the surface by water coming from
below causes surface map cracking to occur because of
the reactive sand gravel and the ineffective sweetener.

After the surface is opened by the map cracking,
water can enter from above more readily, and water
{rom below has easier access o a greaier numper oi
limestone coarse aggregate particles. These then soon
become critically saturated, and freeze-thaw deteriora-
tion in the form of D-cracking begins. This means that
deterioration continues summer and winter alike,

Map cracking occurred in this pavement, even though
the total alkalies of the cement were less than 0.6 per-
cent and a limestone sweetener was used. Gibson had
observed several years ago that the Republican River
sand gravel, when used as a single aggregate, has pro-
duced severe cracking in concrete constructed with
cement having an alkali content of less than 0.60 per-
cent (3). He reported at the same time, however, that
the most economical and satisfactory method to stop this
map cracking was to add 30 percent durable, absorptive
crushed limestone, At that time, he was unaware that
this particular source of Towanda limestone is not ef-
fective as a sweetener, which was first reported by
Bukovatz and others in 1970 (2).

The particular quarry from which the limestone
sweetener was obtained has been closed by the con-
struction of Milford Lake. However, it is not known
whether other limestone sweeteners in use may also
fail to prevent map cracking. There are other loca-
tions at which D-cracking began at the surface and



worked downward to the bottom of the slab, and some
of these will be studied to see whether a reactive sand-
gravel material was used in them.

The water-reducing, set-retarding admixtures did
not appear to influence the development of either map
cracking or D-cracking. The pavement condition is
approximately the same where either set retarder was
used and where none was used. Therefore, they ap-
parently neither contributed to nor hindered the de-
velopment of deterioration.

The area in question has an average precipitation of
686 mm/year (27 in/year), but a pan evaporation rate
of about 1626 mm/year (65 in/year) (4). It is subjected
to an average of 5000 summer degree hours above 29.4°C
(85°F) in a normal year (7). This high number of de-
gree hours is experienced only in central and eastern
Kansas, southeastern Nebraska, central and western
Missouri, most of Oklahoma outside the panhandle,
and north central Texas. The highest average number
of such degree hours, more than 7000, is experienced
only in portions of Kansas and Oklahoma. The maxi-
mum expected in these areas is more than 12 000 de-
gree hours above 29.4°C (7).

The mean annual snowfall on the pavement is about
610 mm (24 in) (6, Figure 4), and more than 68 freeze-
thaw cyecles can be anticipated each year (9, Figure 2),
In 1974, an average of 1500 passenger vehicles and 500
large trucks traveled the road daily (10).

It is reasonably certain that the high summer tem-
peratures, the many freeze-thaw cycles, and the salt
and melted snow all contributed to the deterioration.
The daily pounding by heavy trucks would add to the
problem by loosening and removing the cracked surface
concrete. However, the occurrence of blowups be-
cause of internal expansion has done the most damage.
The plane of splitting of the concrete in the blowups
was the level of the load-transfer bars.

Thus, the Towanda limestone sweetener failed to
prevent the reactive Republican River sand gravel from
causing map cracking. The map cracking allowed the
limestone coarse aggregate to become critically satu-
rated, and freeze-thaw led to D-cracking. Together,
these effects increased the process of pavement ex~
pansion, and with the help of water and hot weather,
blowups at the joints soon followed.
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Resilient Response of Railway

Ballast

Reid M. Knutson, University of Kansas

Marshall R. Thompson, Department of Civil Engineering, University of

Nlinois at Urbana-Champaign

The resilient responses of five typical open-graded aggregate materials (do-
lomitic limestone, blast-furnace slag, granitic gneiss, basalt, and gravel)
that are used for railway ballast were measured in a triaxial cell. Three
levels of compaction and seven stress levels were used. The results were
used in regression analyses to develop equations relating the resilient
modulus of a specimen to its first stress invariant. They were also used

in correlation analyses attempting to relate the resilient response to the
physical properties (particle index, specific gravity, Los Angeles abra-
sion, gradation, flakiness, soundness, and crushing index), but no consis-
tent relations were established. It is concluded that (a) the resilient re-
sponse of a specimen is essentially independent of its stress history, (b)
the resilient moduli of no. 4 and no. 5 ballast-gradation specimens are
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usually lower than that of a well-graded aggregate, (c) the resilient mod-
uli of open-graded ballast materials are virtually insensitive to changes
in gradation or compaction level, and (d) the variable that most directly
influences the resilient moduli of granular materials is stress level.

Although the concept of resilient modulus has gained ac-
ceptance and been widely applied to highway and airfield
aggregates and soils, information is lacking about the re-
silient response of the typical open-graded aggregate ma-
terials that are used for railway ballast. This paper
presents information about the resilient behavior of open-
graded materials and relates the results to material and
sample properties.

BACKGROUND

Railroads use ballast to support the rail-tie system and
provide a free-draining medium. One of the problems
related to the performance of ballast materials is the ex-
cessive elastic deformation caused by the rapid applica-
tion and removal of heavy wheel loads.

Excessive elastic deformations in the ballast and sub-
grade can shorten the life of the rail tie because of the
fatigue that results from increased bending stresses. In
addition, the ride quality of both freight and passenger
cars is reduced if the elastic deformations in the conven-
tional railway-track support system (CRTSS) are exces-
sive.

Modern analytical models can be used to improve the
present experience-oriented design of rail-tie support
systems. However, before these techniques can be ap-
plied, adequate input in the form of the response param-
eters of ballast materials must be obtained. Thus far,
such information has not been available. The response
of ballast materials depends on the applied state of
stress, and to accurately predict the structural response
of the CRTSS, the test method used to evaluate the gran-
ular materials should simulate in-service, dynamic
stress conditions.
the repeated-load behavior of granular materials, but
little work has been done involving open-graded aggre-
gates such as ballast.

Repeated-load triaxial testing of a variety of types of
aggregates appears to be the most appropriate method
for investigating the resilient behavior of ballast materi-
als. Previous investigations in which actual loading con-
ditions were ciosely simuiated have given resuits that are
excellent for convenient application to techniques of
finite-element structural analysis.

MATERIALS

Five materials commonly used for ballast were studied,
and comparisons of their repeated-load behavior and
their natural properties were made. The materials se-
lected were dolomitic limestone from Kankakee, Illinois;
blast-furnace slag from Chicago; granitic gneiss from
Columbus, Georgia; basalt from New Jersey; and gravel
from McHenry, Ilinois.

The materials were sieved, and the various size frac-
tions were stored in separate containers for recombining
into the desired gradations.

Characterization Tests

To relate the results of the repeated-load tests to the
physical properties of the materials, the following stan-
dard tests (9,10, 11, 12) were performed on each type of
material. I

Property Test

ASTM D 3398-75

ASTM C 127, AASHTO T 85
ASTM C 131, AASHTO T 96
Hudson and Waller

British Standard 812-15
ASTM C88, AASHTO T 104
British Standard 812-34

Particle index
Specific gravity

Los Angeles abrasion
Gradation parameter
Flakiness index
Soundness

Crushing value

The results of these tests are summarized in Table 1.
Gradation

To examine the effects of different gradations of ballast
on the resilient response, three different ones were
tested. Two standard American Railway Engineering
Association gradations, no. 4 and no. 5, were selected
by using the center values of the recommended gradation
bands, and a third gradation was based on the use of the
Talbot equation with an exponent of %. Because one of
the main considerations of ballast is that it be free drain-
ing, the results obtained through the use of the Talbot
equation were maintained only through the 4.75-mm (no.
4) sieve, and to ensure a high permeability, no material
finer than the 1.18-mm (no. 16) sieve was used. This
gradation was labeled well graded. A conservative es-
timate of the permeability of the well-graded material is
1500 m/d (5000 ft/d).

Figure 1 shows the three gradations used in the test-
ing program.

EQUIPMENT

A U.S. Army Engineer Waterways Experiment Station
triaxial cell design was modified, and the cell was fab-
ricated at the University of Illinois. Because of the
large size of the aggregate to be tested, the cell was
constructed with an inside diameter of 279 mm (11 in) to
provide the capability for testing 203-mm (8-in) diameter
cylindrical specimens 406 mm (16 in) high.

The confining pressure was supplied by air pressure
and was not cycled during the tests. The repeated devi-
ator stress was applied by a hydraulically actuated pis-
ton; control was by a closed-loop electronic system. In-
put for the load control was provided by a function gen-
erator connected through electronic controls to the hy-
draulic actuator.

Several investigators (2, 4, 6) have experimented with
changes in the duration of the repeated load and found no
significant dependence of the resilient behavior on the
duration of load, especially if the duration is of the order
of 0.10 to 0.15 s. The effect on resilient behavior of the
frequency of applied load has been studied by Seed and
others (6), who found that so long as the frequency is in
the expected in-service range, the effect on the resilient
response is slight.

The spacing of trucks on conventional railroad rolling
stock varies, and the pulse caused by the second truck
on one car overlaps that of the first truck on the follow-
ing car. These two factors cause problems in analyzing
the in-service frequency and duration of loading of the
ballast. Thus, to satisfy the constraints of the equip-
ment and to approximate the in-service conditions, a
frequency of 50 applications/min and a haversine load
pulse of 0.15-s duration were used. These conditions
are equivalent to a train speed of about 129 km/h
(80 mph).

The triaxial chamber pressure was monitored by a
gauge on the air supply line. The axial load was moni-
tored by a load cell mounted between the hydraulic ac-
tuator and the loading rod. A two-channel high-speed
strip-chart recorder was used to monitor the output of
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Los Angeles

Particle Specific Abrasion Gradation Flakiness Soundness Crushing

Material Gradation Index Gravity Loss (%) Parameter  Index Loss (4) Value
Limestone No, 5 13.80 2,626 34.2 1.846 17.52 12,3 22.17

No. 4 13.15 2.626 34,2 1.074 16.78 18.5 22.1

Well-graded 14.09 2,626 34.2 2,039 17.33 15.8 22.7
Granitic gneiss No. 4 13.45 2.679 34.7 1.074 14,39 0.25 26.1
Blast-furnace slag No. 4 15.68 2.133 37.8 1.074 3.59 0,75 37.3
Basalt No. 5 15.10 2.775 12.3 1.846 19.69 6.14 12.4

No. 4 15,40 2.0 12.3 1,074 17.33 4,93 12.4

Well-graded 14.83 2.775 12.3 2.039 16.11 4,86 12.4
Gravel No. 5 7.54 2.658 23.2 1.846 4.03 5,06 13.8

No. 4 10.17 2.658 23.2 1.074 5.9 5.18 13.8

Well-graded 8.86 2.658 23.2 2.039 6.58 5.84 13.8
Figure 1. Gradations of specimens Sieve Size, inches
tested, " 1=i/2" " 3/4" 172" e No.4 No.10 No 16
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Table 2. Properties of test specimens.

Compaction

Density Void

Type of Material Gradation Level (kg/m®) Ratio
Limestone No. 5 Medium 1653 0.59
No. 4 Low 1424 0.84
No. 4 Medium 1536 0.71
No. 4 High 1586 0.66
Well-graded Medium 1792 0.46
Granitic gneiss No, 4 Low 1430 0.76
No. 4 Medium 1562 0,71
No. 4 High 1639 0.63
Blast-furnace slag No. 4 Low 1068 1.00
No. 4 Medium 1137 0.87
No, 4 High 1173 0.82
Basalt No, 5 Medium 1722 0.63
No. 4 Medium 1527 0.82
Well-graded Medium 1853 0.50
Gravel No, 5 Medium 2030 0.31
No. 4 Low 1640 0.62
No. 4 Medium 1722 0.54
No. 4 High 1796 0.48
Well-graded Medium 2110 0.26

Note: 1kg/m® = 0,062 Ib/ft3

the load cell.

Two methods were used to observe the axial deforma-
tions. The first was by the use of two electronic~optical
scanners that measured the vertical motion of targets
placed at the upper and lower quarter points of the spec-
imen. These targets consisted of one black and one
white rectangular strip, 32 by 64 mm (1.25 by 2.5 in)

each, held to the specimen membrane by double-sided
tape. The chamber pressure ensured that the membrane
was molded firmly to the specimen, thereby eliminating
slippage between specimen and targets. The movements
of the targets were sensed by the optical heads and con-
verted into an electrical signal; the difference in move-
ments was recorded as output on the strip recorder.

A backup for measuring the axial deformations was
provided by a linear variable differential transformer
(LVDT) mounted at the top of the hydraulic actuator. The
LVDT signal was recorded simultaneously with the col-
limator signal. The LVDT measured deformations over
the entire specimen length; therefore, the output included
specimen end effects.

TEST PROCEDURE

Because one of the objects of this study was to determine
the effects of gradation and maximum size on ballast be-
havior, two different sample sizes were used. Samples
152 mm (6 in) in diameter were used for the no. 5
ballast-gradation specimens, which have a maximum
particle size of 38 mm (1.5 in), and samples 203 mm
(8 in) in diameter were used for the no. 4 ballast grada-
tion, which has a maximum particle size of 51 mm (2 in).
Thus, the ratio of the diameter of the sample to the max-
imum particle size was always four. All the prepared
samples had a height to diameter ratio of 2 to 1 or more
to minimize the end effects on the deformation measure-
ments.

To minimize segregation and to ensure gradation con-
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trol, each specimen was weighed out by thirds for each
of the size fractions, and each third was placed in a
separate container. The material was then washed to
remove the fines, drained, and compacted.

Because of the open-graded nature of ballast, vibra-
tory compaction similar to that described by Rostron
and others (7) was used. To determine the compaction
characteristics of the aggregate and whether it was de-
graded during compaction, no. 5 ballast-gradation lime-
stone was compacted in the standard split mold for vari-
ous times by using the vibratory compactor. The re-
sults showed that there was little increase in density for

compaction times greater than 45 s and that the gradation

Figure 2. Relation between E, and 6 for medium-density no. 5 gradation
limestone.
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Figure 3. Relation between E, and 8 for low-density no. 4 gradation
limestone.
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change (aggregate degradation) due to compaction was
extremely small. For example, the amount of material
passing the 4.75-mm sieve increased from 2.5 to 4.0
percent after compaction for 45 s/layer, and the in-
crease was less (less than 1 percent) for shorter com-
paction times.

Because densities are generally not specified when
ballast is placed, there was no attempt to attain a pre-
determined density. Instead, three degrees of compac-
tion were used. For low-density specimens, each layer
of aggregate was placed and rodded 10 times; for
medium-density specimens, each layer was compacted
for 5 s with the vibratory hammer; and for high-density

Figure 4. Relation between E, and ¢ for medium-density no. 4 gradation
limestone.
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Figure 5. Relation between E, and 6 for high-density no. 4 gradation
limestone.
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specimens, each of the three layers was vibrated for
45 s.

The compaction was carried out in a split mold
clamped to the sample base. A rubber membrane was
used inside the mold, and a vacuum was applied through
the attached tubing to hold the membrane against the
mold. After compaction, the height of the specimen was
recorded, the mold was removed, and a second mem-
brane was placed over the specimen because (almost
without exception) the original membrane was punctured
during compaction.

From a finite-element analysis of CRTSS (§_), values

Figure 6. Relation between E, and 6 for medium-density
well-graded (n = 2/3) limestone.
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Figure 7. Relation between E, and 8 for low-density no. 4 gradation
granitic gneiss.
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were obtained for the stress at various points in the bal-
last layer. A deviator stress of 310 kPa (45 1bf/in®) and
a confining pressure of 103 kPa (15 1bf/in®) were selected
as representative of the stresses occurring approxi-
mately 51 mm beneath a crosstie, and each specimen
was conditioned for 5000 load applications. After con-
ditioning, each specimen was tested for resilient modu-
lus at each of seven stress levels as follows (1 kPa =
0.145 1bf/in%):

Figure 8. Relation between E, and 6 for medium-density no. 4 gradation
granitic gneiss.
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Figure 9. Relation between E, and 6 for high-density no. 4 gradation
granitic gneiss.
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Deviator
Stress
(kPa)

414
207
276
138

Confining
Pressure
{kPa}

103
103
69
69

Deviator Confining
Stress Pressure
(kPa) (kPa)
138 34
103 34

69 34

After the first test of resilient response, the speci-
mens were loaded for 5000 cycles at a deviator stress of
138 kPa (20 1bf/in®) and confining pressure of 34 kPa
(5 1bf /in®) and then for 5000 cycles at a deviator stress
of 414 kPa (60 1bf/in®) and a confining pressure of 103

Figure 10. Relation between E, and 6 for low-density no. 4
gradation Chicago blast-furnace slag.
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Figure 11. Relation between E, and 6 for medium-density no. 4
gradation Chicago blast-furnace slag.
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kPa (15 1bf/in%). A second resilient-response test was
then performed to determine the effects of mixed loading

and stress history.

RESULTS

Table 2 summarizes the physical properties of the spec-

imens tested.

The most dense specimen, the well-

graded gravel, had a density almost twice that of the
least dense, the low-compactive-effort blast-furnace

slag.

The data collected in the resilient-response tests

were used in regression analyses to develop equations

Figure 12. Relation between E, and 6 for high-density no. 4 gradation

Chicago blast-furnace slag.
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Figure 13. Relation between E, and ¢ for medium-density no. 5

gradation basalt.
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of the following type:
E =K@ (N
where

E, = resilient modulus,

n and K = constants representing slope and intercept
respectively on a log-log plot, and
© =first stress invariant, i.e., a1 + 02 + oa.

(® = o + 203 in the triaxial test.)

Figure 14. Relation between E, and § for medium-density no. 4
gradation basalt,
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Figure 15. Relation between E, and ¢ for medium-density well-graded
(n = 2/3) basalt.
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Figures 2 through 20 present the results, including
the regression analyses, for the specimens tested. (SI
units are not given for the coefficients in the regression
results because the analyses were carried out in cus-
tomary units only.) Two of the specimens failed before
completion of the mixed loading sequence, and thus only
one set of data is available for those two. All the re-
gression analyses were significant at o = 0.01.

The resilient-response data were also used in cor-
relation analyses with the results of the standard char-
acterization tests, but no consistent relations could be
established between K or n and the material-

Figure 16. Relation between E, and 6 for medium-density no. 5
gradation gravel.
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Figure 17. Relation between E, and 0 for low-density no. 4 gradation
gravel.
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characterization data.

To ensure that the gradation parameter was included
on an equal basis, three levels of gradation of three
types of material (limestone, basalt, and gravel) were
included in the correlation analyses, but neither K nor
n were found to correlate significantly (a = 0.05) with
any of the material properties.

Attempts were also made to determine the effects on
the resilient response of the type of material and the
gradation through the use of randomized complete block
analyses. The effects of loading history and relative
density were also investigated.

Because previous research (4) has shown that varia-
tions in the values of n and K of the predictive equations

Figure 18. Relation between E, and ¢ for medium-density no. 4
gradation gravel.
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Figure 19. Relation between E, and 6 for high-density no. 4 gradation

gravel.
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for resilient modulus often cancel one another, two val-
ues of E, were calculated at values of © of 241 kPa (35
1bf/in®) and 620 kPa (90 1bf/in®) and included in the analy-
ses. Thus, the variables included were K, n, E, at 241
kPa, and E, at 620 kPa.

To further examine the effect of gradation, three
levels of gradation (no. 4, no. 5, and well graded) of
three types of material (limestone, basalt, and gravel)
were included in the analysis. Only one of the four vari-
ables—E, at 620 kPa—had significant (& = 0.05) differ-
ences due to gradation. The values of E, at 620 kPa were
further analyzed by using Duncan's multiple range test.
No difference was found between the values for the no. 4
and no. 5 ballast-gradation specimens, but both were
significantly lower than the values for the well-graded
specimens. In general, the effect on resilient modulus
of changes in gradation was slight.

The effect of density was included by considering
three density levels (low, medium, and high) of four dif-
ferent materials (limestone, granitic gneiss, blast-
furnace slag, and gravel). There were no differences
among the resilient responses of these materials.

Further analysis of the resilient responses of the
specimens to determine the effect of loading history (re-
silient behavior after conditioning versus after additional
loading) showed that none of the four variables (K, n, E,
at 241 kPa, and E, al 620 kPa) had significant (e = 0.05)
differences between the two sets of data. Thus, the con-
clusion that the resilient response of granular materials
remains essentially unchanged through a complex loading
history is reinforced (2, 3, 4, 5).

To include the effect of type of material, an analysis
was made of low, medium, and high-density no. 4
ballast-gradation specimens of limestone, granitic
gneiss, gravel, and blast-furnace slag.

There were no differences in the values of K among
the four materials considered, but there were significant
(a = 0.05) differences among the values of n, E, at 620
kPa, and E, at 241 kPa. A further analysis was made
by using Duncan's multiple range test. Although there
were differences among the values for the various types

of material, there were no consistent trends.

The slag

had the highest value of n, and this value was signifi-

Figure 20. Relation between E, and 8 for medium-density well-graded

(n = 2/3) gravel.
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cantly different from that of the other three materials.
The gravel specimens had the highest mean values of E,
at 241 kPa and at 620 kPa, and these values were sig~
nificantly different from those of the other three types
of material.

Although the resilient response depends somewhat on
the type of material, the lack of consistency in the data
prevents making any definite conclusions. The differ-
ences in resilient behavior were so slight as to be neg-
ligible from the standpoint of the structural response of
a CRTSS.

SUMMARY AND CONCLUSIONS

Ballast materials from several sources were tested in
the triaxial apparatus. In-service conditions were simu-
lated by the use of a repeated deviator stress and a con-
stant confining pressure. The resilient modulus charac-
teristics were determined; the variables considered
included the type of material and its gradation and den-
sity, and the stress level. Equations relating the re-
silient modulus to the first stress invariant were de-
veloped, and the results were analyzed with respect to
the variables.

The following conclusions were reached:

1. The resilient response of a specimen of open-
graded granular material is independent of its stress
history so long as the specimen has not been subjected
to a stress level that would cause failure.

2. The resilient moduli of no. 4 and no. 5 ballast-
gradation specimens are usually slightly lower than that
of a well-graded aggregate.

3. The resilient moduli of open-graded ballast ma-
terials are virtually insensitive to changes in gradation
or compaction level. The dependence of resilient re-
sponse on type of material is weak and inconsistent, and
therefore, no conclusion is drawn with respect to ma-
terial type.

4, Stress level is the variable most directly influ-
encing the resilient modulus of granular materials. The
stress~-dependent nature of ballast materials can be
characterized by the predictive equation:

E =K@" (D
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Snowplowable Raised Pavement

Markers in New Jersey

M. V. Jagannath and A. W. Roberts, Bureau of Operations Research,

New Jersey State Department of Transportation

Pavement markings are an important source of informa-
tion to the motorist for safe vehicle control and guidance

under almost all circumstances of driving. One of the
most difficult problems in recent years has been that of
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developing an economical pavement-marking system
that adequately delineates the roadway both day and
night, in dry and wet weather. A durable reflective
marker for areas where snowplowing is common has
only recently been developed to a practical level after
more than 8 years of cooperative testing. This snow-
plowable, raised, reflective pavement marker is shown
in Figure 1.

DESCRIPTION
Components

The raised, reflective pavement marker specifically
designed for use on roads subject to snow removel con-
sists of a casting, a reflector, and reflector attach-
ments. The casting is manufactured with a hardened
steel surface and has keels, rails, a web, a seat for
the reflector, and notches to retain a spring clip. There
are two types of reflector retention methods. One type
uses a butyl adhesive pad that is attached between the
bottom of the reflector and the casting, and the other
type uses a spring-steel wire clip. Reflector shields
are used to protect the reflector from hits by tire studs,
chains, and stones and are held on top of the reflector
by butyl adhesive pads or spring clips.

Experimental Installations

Markers were installed for experimental purposes at
three locations in New Jersey at different times. Each
installation was carried out in two parts. First, grooves
were cut in the pavement with a vertical radial blade and
then, at another time, the grooves were dried, cleaned
with compressed air, and partially filled with epoxy,

and the castings were inserted. Clear markers were
placed at alternate gaps on all the lane lines, which are
10 ¢cm (4 in) wide, and have 4.6-m (15-ft) long striping
and 7.6-m (25-ft) gaps. On the median (10-cm-wide
solid yellow lines), amber markers were placed every
12 m (40 ft). At the exit gores, clear markers were
placed outside the 20-cm (8-in) wide lines at 6-m

(20-ft) intervals. No markers were placed on the right-
hand edge lines (Figure 2).

Visual Characteristics

A raised, reflective marker should provide a visual sub-
stitute tor the painted line delineation in the rain at
night. These markers appeared to become brighter on
rainy nights under conditions in which the painted lines
become more difficult to see.

DURABILITY
Castings

Pavement markers installed in areas where snowplowing
is common should resist damage from snowplow opera-
tions and traffic. Snowplow operations were carried out
at all three locations using both steel and tungsten car-
bide insert blades. The steel blades did not damage the
castings, but the tungsten carbide insert blades produced
some noticeable effects. On US-1, during the winter of
1973/1974, the 520 markers that had been installed in
1973 were plowed 21 times, and during the winter of
1974/1975, the markers that had been installed in 1973
and the 435 that had been installed in 1974 were plowed
11 times, always with steel blades. After three and two
winters, 2 and 1 percent of the 1973 castings respec-
tively were either missing or unusable.

Reflectors

Reflector replacement is much simpler and less costly
than casting replacement. The durability of a reflector
is based on its resistance to damage caused by snow-
plows, snowplow accessories, and traffic. There was
no damage to or loss of reflectors from the use of steel
or tungsten carbide insert blades in summer plow and
grader tests on I-95. There was damage to reflectors
from nose shoes in a test in Trenton that used three
versions of modified nose shoes, but there was no dam-
age to reflectors in tests in which plow shoes and plow
wheels rode over reflectors. Tire studs and other tire
forces have caused reflector loss and damage. The ef-
fects of traffic on reflector loss and damage varied ac-
cording to the type of assembly or model. The types
of models are described below.

Model

Component 1 2 3 4 B

Casting Yes Yes Yes  Yes Yes
Adhesive pad B Yes No No Yes No
Reflector Yes Yes Yes Yes  Yes
Adhesive pad D No No No Yes Yes
Stud shield No No Yes Yes Yes
Spring clip No Yes Yes No Yes

In January 1974, 3 months after the 1973 installation
of 520 model 3 assemblies on US-1, the markers were
plowed 13 times, and 105 reflectors were lost. The
missing reflectors were replaced with 49 model 1 on
the northbound side and 56 model 2 assemblies on the
southbound side. The results of the smaller installa-
tion of models 1 and 2 led to a test of all five models in
a larger installation. After one winter, none of the
models 1 and 4 was lost, but some damage was ob-
served on all the reflectors.

The effects of traffic could have been the major cause
of loss of some of the types of reflectors, while studded
tires appeared to be the major cause of damage. The
reflectors that were protected with shields had less
damage from traffic than those without shields.

The fractures and chips on the reflective surfaces
facing the motorist were counted and classified by size.
The tops of the nonshielded reflectors were chipped to
a large extent, while the tops of the shielded reflectors
were not damaged. There were one-third more stud
marks on the nonshielded reflective surfaces. A rating
of the loss of and damage to each reflector model after
two winters of use is shown in Table 1. The highest
overall rating indicates the type with the least amount
of a combination of loss and damage. A reflector with
a spring clip requires 30 to 45 s to replace, whereas an
adhesive-pad reflector requires 45 to 90 s. Most of the
model 4 assemblies lost their shields and, as a result,
experienced more damage. The adhesive does not attach
well in cold weather. Many of the adhesive-pad reflec-
tors installed in cold weather were lost due to lack of
proper adherence to the castings. Considering minimum
loss and damage and ease of installation and replace-
ment, the model 5 assembly appears to be the most
practical.

CONDITION OF SNOWPLOW BLADES
AND ACCESSORIES

Raised pavement markers should not damage snowplow
blades and accessories during normal snow-removal
operations. These markers did not damage steel blades,
whether on truck-mounted or grader-mounted plows, but
tungsten carbide insert blades were shattered or chipped



at points where they contacted the castings, and the
holding steel was turned forward and made irregular,
exposing the damaged tungsten carbide inserts. Both
types of blades were in contact with the pavement while
plowing.

COST ESTIMATE

The cost of installing and maintaining markers was esti-
mated for one side of a four-lane divided highway with
markers spaced 24 m (80 ft) apart on lane lines, 12 m
(40 ft) apart on median lines, and 6 m (20 ft) apart on
exit-ramp gores and one exit-ramp gore located every
2.4 km (1.5 miles). A computer program was developed
to simulate a yearly replacement cycle for reflectors.
The estimated cost of installing markers and maintaining
reflectors over a period of 10 years is $2378/km ($3806/
mile), or approximately $15/marker. The estimated
cost of marking a highway, restriping the lane lines
twice a year and the median solid line and the gore once
a year, over a period of 10 years is $1430/km ($2282/
mile). Therefore, the estimated cost in 1975 dollars of
using both delineator techniques would be $3808/km
($6088 /mile). This is an average annual cost of $381/
km ($609/mile) as opposed to $140/km ($228 /mile) for
striping alone.

Figure 1. Experimental reflector assemblies.
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DISCUSSION AND FUTURE RESEARCH
NEEDS

These markers appear to be adequate for use in areas
where tungsten carbide insert blades are not used di-
rectly on the pavement. Damage to the inserts can be
avoided by keeping the blade off the pavement; otherwise,
steel blades should be used. The use of a steel blade
bolted over a carbide insert blade as in Sheboygan
County, Wisconsin, should be evaluated. Nose shoes
could be modified to prevent premature loss of reflectors
or the entire nose-shoe assembly could be removed, if
it were not deemed advisable to retain the extra metal
for protection of the side plate on the leading side of
funnel type plows. The function of nose shoes should be
thoroughly investigated before modification recommenda-
tions are made.

The highways in central New Jersey on which the
markers were tested were an expressway and a freeway
that are considered major intercity routes—US-1 and
I-95—that have a two-way average daily traffic of up to
60 000 vehicles. The snowfall is about 51 cm/year (20
in/year). The markers in these locations are plowed
about 10 to 15 times/year, mostly with steel-edged
blades resting on the pavement. In 1974, nose shoes
were either not used or were modified.

Figure 2. New Jersey system
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Table 1. Rating of reflector loss and damage after two snow seasons by type of assembly.
Model 1 (N = 94) Model 2 (N = 88) Model 3 (N = 86) Model 4 (N = 84) Model 5 (N = 82)
Percentage Percentage Percentage Percentage Percentage
Percentage of of of of of
Damage Rating Reflectors Reflectors Reflectors Reflectors Reflectors
Category Factor Lost Rating Lost Rating Lost Rating Lost Rating Lost Rating
0 1.000 20.21 20.21 23.86 23.86 31.40 31.40 30.95 30.95 46.34 46.34
1to 25 0.875 23.40 20.48 30.68 26.85 18.60 16.28 21.43 18.75 12.20 10.68
26 to 50 0.625 15.96 9.98 17.05 10.66 9.30 5.81 11.90 7.44 7.32 4,58
51 to 75 0.375 8.51 3.19 6.82 2.56 2.33 0.87 9.52 3.57 3.69 1.38
76 to 100 0.125 14.89 1.86 5.68 0.71. 2.33 0.29 11.90 1.49 6.10 0.76
Missing 0 17.02 0.00 1591 0.00 36.05 0.00 14.29 0.00 24.39 0.00
Overall
rating - - 55.72 - 64.64 - 54,65 - 62.20 - 63.74

Note: After the first v_vinter, of the original 435 assemblies, 1 casting and 31 reflectors were missing, After the second winter, an additional 4 castings and 61 reflectors were missing, Only
steel blades with modified nose shoes were used both winters. Total snow accumulation was 62,5 cm {24.6 in) during the second winter.
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About 10 to 12 percent of the passenger automobiles
in the area had studded rear tires. These tires seem
to be the main cause of reflector wear, and where they
are allowed, the use of shields on reflectors is advan-
tageous. Under conditions in which the lifetime of re-
flectors is short, the ease of replacement when spring
clamps are used and the consequent lower labor costs
may balance the higher reflector loss of this type of
assembly. Further study of large-scale installations of
the marker over a period of 3 or more years in several
areas with a wide range of snowfall rates and uses of
studded tires should provide useful information for pre-
dicting annual losses. The relation between the amount
of reflector surface damaged and the nighttime visibility
of the reflector should be investigated. This informa-
tion could be used to determine when replacement is
warranted.
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Test for the Adhesion of Thermoplastic
Highway-Marking Materials

James S. Noel and Steven D. Hofener, Texas Transportation Institute, Texas A&M

University

A new method for evaluating the adhesion between thermoplastic highway-

marking materials and pavement surfaces is described. The specimen con-
sists of a small square block of paving material (e.g., Portland cement con-

crete, asphaltic concrete, or some other) with a layer of thermoplastic
bonded to one surface. An orifice penetrates the block and opens into a
small circular area intentionally not bonded. A blister is formed by forc-
ing fluid through the orifice until the diameter of the unbonded area be-
gins to grow. The pressure used to inflate the blister and the height at
the center of the blister are simultaneously recorded. From these mea-
sured data, the characteristic adhesive strain energy release rate is calcu-
lated. The analytical expressions necessary for the calculations are given,
as is a discussion of the significance of the results to the highway engi-
neer. Several exploratory tests were performed and the results are re-
ported. The results demonstrate the sensitivity of the test to the adhe-
sion of the thermoplastic to the pavement surface. Thus, the test can

be used to quantify the effect on adhesive strength of those field con-

ditions that con boroproduced in the lahoratory,

Thermoplastic higshway-marking materials have several
advantages over conventional paints. These include bet-
ter durability, improved color retention, and greater
nighttime visibility, especially during periods of heavy
rainfall. However, they also have disadvantages: (a) a
tendency to flake during the winter (1) and (b) a tendency
to blister shortly after placement, especially in the
southern states. Figure 1 shows both phenomena and
the accelerated degradation that results under the action
of traffic.

Both of these disadvantages are related to the degree
of adhesion between the marking material and the pave-
ment. This adhesive strength varies, depending on the

type of pavement, the time of cure, and the environment.

The type of pavement is extremely important; the ther-
moplastics are much more durable on asphalt than on
portland cement concrete. On either, the durability
can be improved by the application of a chemical bond-~
ing agent before placing the thermoplastic.

Many makeshift methods of testing adhesion to pave-
ments have evolved; however, the results are qualitative

and can be only used for comparative purposes. Thus,
the selection and method of applying these thermoplastics
and primers has generally been left to the judgment of
the responsible engineer. This judgment is typically de~
veloped through field experience and performance test-
ing—a long, costly process.

A laboratory test toward the same end is suggested
here. The test is based on the validity of the energy ap~
proach to adhesive fracture. A similar test was origi-
nally proposed for use with conventional paint in 1961 by
Dannenberg (2). The approach has recently been de-
veloped and discussed in detail in a series of papers by
Williams and his coworkers (3,4,5,6), These studies

concluded that there exists a systém parameter (y), the
tively reflects the resistance of a bonded surface to the
growth of an unbonded area. This parameter may be
sensitive to the rate of loading and the temperature, but
is independent of geometry. If the stiffnesses of the ad-
herends and the y are known, a stress analysis of any
geometry can be used to establish the critical balance
between the change in the potential energy of the system
and 4. The following discussion of the analytical ex-
pressions for the energy balance of the blister-test
geometry is based on the references cited above.

ANALYTICAL APPROACH

Consider an axially symmetric structure consisting of

a flat infinite surface covered by a layer of a second ma-
terial. The covering layer is bonded to the surface, ex-
cept for a circular area centered about an axis of sym-
metry. An orifice smaller in diameter than the un-
bonded area penetrates the substrate (Figure 2a).

To perform the test, a fluid is forced through the
orifice, causing the unbonded portion of the covering
plate to deform upward, i.e., blister. The fluid used
can be either compressible or incompressible. If it is



Figure 1. Thermoplastic stripe on a grooved pavement surface
after two winters of service.
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Figure 2. Phases of bond test: (a) initially unbonded area,
(b} blister formed, and (c) blister extended.

h 7T INITIAL AREA
(a) l (TEFLON DISK)
1’
N N \T T e T F N
|
s .
(b) ——
=
NN N, N ‘i
| a —=t.-—~ FLUID PRESSURE
(c) R
/\
NN N N N R NN N N

t. -=«- INCREASED FLUID
PRESSURE

compressible, the analytical interpretation must use
traction (pressure) boundary conditions applied to the
underside of the blister; if it is incompressible, the an-
alytical expression must use displacement (volume)
boundary conditions. The difference between the two is
quite important, in a philosophical sense and in the re-
quired laboratory technique. But, as shown in the deri-
vations below, the algebraic expressions for criticality
are ultimately identical.

The rather simple derivations for fracture in a ho-
mogeneous body begin with a functional representative
of the potential energy (PE) of the system, including a
term for the free surface energy, that can be written as

PE=f Udv-fTiuids-f'yds (N
v 1 S

where the first term represents the strain energy density
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(U), integrated over the total volume of the body (V), the
second term represents the tractions in the ith direction
(T,) multiplied by the corresponding displacements (u,),
integrated over the free surface area (8), and the last
term represents the energy of y, also integrated over S.
This expression is of little physical consequence except
that it always assumes a minimum value when the body
is displaced into an equilibrium state. Thus, for equi-
librium

SPE=0 )

where the variation is not only of u, but also of a crack
shape and size. Accordm%ly, the theorem of minimum
potential energy ( 7, p. 385) can be rephrased as

Of all the displacements, and crack configurations, satisfying the given
boundary conditions, those which satisfy the equilibrium equations
make the potential energy an absolute minimum.

Consequently, an expression for crack-growth criticality
can be derived by evaluating the terms of Equation 1, as-
suming a crack-growth geometry, and taking the deriva-
tive with respect to a characteristic crack dimension.
The value of zero for this derivative will define the con-
figuration corresponding to the minimum potential en-
ergy and, in turn, the equilibrium.. If, at a given crack
size, the derivative of the potential energy is decreasing,
the crack will grow; otherwise it will not.

EXPRESSIONS FOR CRITICALITY

Consider a blister being inflated (Figure 2b) with a com-
pressible fluid. If the reservoir of pressurized fluid is
large, the volume change due to the extension of the un-
bonded area (Figure 2c) will not significantly influence
the pressure. To evaluate the first two terms in Equa-
tion 1, it is convenient to use Clapeyron's theorem,
which states that for a linearly elastic body (7, p. 86)

The strain energy of deformation is equal to one half of the work that
would be done by the external forces (of the equilibrium state) acting
through the displacements from the unstressed state to the state of equi-
librium.

This theorem means that the second term in Equation 1
is always twice the magnitude of the first term and, for
the constant-pressure system the rate of change of the
second term due to crack extension is twice the rate of
change of the first. Therefore, if the magnitude of either
term can be calculated, the theorem can be used to eval-
uate the other,

For example, Timoshenko (8) gives the vertical dis-
placements (w) of a circular plate with a fixed outer
boundary and uniformly loaded with a pressure (p) to be

w(r) = (p/64D) (a® - 1*)? 3)
where

r = radial coordinate,

a = outside radius of plate, and

D = plate stiffness, i.e.,
D=Eh3/12(1 -v?*) @
where

E = tensile modulus of elasticity,

v = Poisson's ratio, and
h = plate thickness.

o
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Equation 3 provides the uniform surface traction (p) and
the displacements [w(r)] necessary to evaluate the sec-
ond term of Equation 1, which becomes

f Tiuids=f pw(r)2ardr = (wp? /32D) f (a? - 2)?rdr
S 0 o

=mp2a%/192D (5)

Clapeyron's theorem defines the first term as one-half
this value, i.e.,

f Udv = mp2a® /384D (6)
v

The third term, fs v. ds, where the subscript a de-

Figure 3. Theoretical solutions for thin and thick plates.
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notes a fracture along a surface of adhesion, is a subject
of some contention. When a cohesive fracture occurs,
there is little debate; two free surfaces are created, one
on each side of the crack tip as it advances through the
material. The corresponding concept is not as obvious
for an adhesive failure along a bond surface between dis-
similar materials, Intuitively, it seems that such a
schism might result in one new surface, two new sur-
faces, or possibly a fractional value between. Following
the lead of others to accommodate each of these possi-
bilities, we shall add a coefficient (c) to the third inte-
gral with the understanding that it can assume values in
the range of 1 < ¢ < 2, In all subsequent calculations, ¢
is assigned a value of 2.

The third integral can now be written as

f ,ds= f ac2nrdr =1, cznfrdr =y, cma? @)
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The expression for PE now becomes
PE = (np®a®/384D) - (np?a®/192D) + 7y, cwa® (8)

and to ensure that the variation with respect to the un-
bonded area is zero (i.e., that §PE = 0), 3PE/3a must
be zero. Thus,

OPE/da = (6mp?.a®/384D) - (6mp2a’/192D) + 2y,cra=0 9

is the energy balance equation defining the critical pres-
sure (p,,) necessary to cause the radius of the blister to
begin to grow. If the pressure is insensitive to crack
growth, there will be a catastrophic failure and the rapid
removal of the entire plastic layer. The criticality equa-
tion can be rearranged to

Ya = (3/32)/[(1 - v?*)/cl (a/h)* (pZa/E) (10)

and used to reduce the experimental test results to
give YVas

Both the p and the w of the blister should be recorded.
These data are then used to determine the effective mod-
ulus (E) for evaluating Equation 10. Equation 3, with
r =0, can be rearranged to give

E = (3/16)(1 - ¥?)(a/h)?a(P/w) an

which shows that E is directly proportional to the slope
of the recorded p-versus-w curve,

When the blister is inflated with an incompressible
fluid, the work done by the surface tractions during the
growth of the unbonded area becomes zero. The stored
strain energy decreases during growth, rather than in-
creasing as with a compressible fluid. For this situa-
tion, the energy balance equation is written as

- (6mpZ,a®[384D) + 2y,cra=0 (12)

and the critical pressure has the same value, regardless
of the bulk stiffness of the pressurizing fluid (i.e., v, is
given by Equation 10),

However, once crack growth begins, the subsequent
behavior is different for the two types of pressurizing
fluids. When a compressible fluid is used (i.e., pressure-
controlled conditions), the unbonded area continues to
grow without limit, but when an incompressible fluid is
used (i.e., volume-controlled conditions), the unbonded
area grows only slightly before the pressure decreases
to below the critical value. From an experimental
standpoint, this means that if an incompressible fluid is
used as the loading medium, an incremental growth of



the unbonded area causes a loss of pressure due to the
volume increase, and when the pressure drops below the
critical value, growth is arrested. Immediately, how-
ever, the pressure increases, until it reaches a new
critical value, at which time it decreases again, and

the cycle is repeated. Thus, numerous data points can
be obtained from only one sample. On completion of the
test, the dimensions of the initially unbonded area for
each cycle can be determined from the striations left on
the concrete block.

The closed-form solutions, which are derived from
the equations for the deflections of a flat circular plate,
lose their validity as the ratio of the thickness to the
radius increases. An analytical solution for the limiting
case of a very thick plate (i.e., h/a - «) has been derived
by Mossakovskii and Rybka (9) to be

Do = (-[2m,,E(1 - el fa(1 + v)(3 - 4v) ;
X {[(1r2/4)1n'2(3-4v)} +1}1n(3-4u)) (13)

or, when y = %

Per = (2¢m/3)" (B, [2)* (14)

Figure 6. Teflon disk on concrete slab.

Figure 7. Schematic of test apparatus.
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Equations 10 and 14 have been rewritten in a dimension~
less format and are plotted, using dashed lines, in Fig-
ure 3. The abrupt intersection of these two closed-form
solutions has been discussed in detail by both Williams
(3) and Jones (4), who concluded that a practical transi-
tion curve between these two theoretical solutions is cer-
tain to exist.

Figure 8. Specimen before removal of failed thermoplastic.

Figure 10. Previously bonded surface of thermoplastic.
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Bennett and others (6) have performed the numerical
calculations necessary to define the transitional curve.
By using finite elements, they calculated the rate of
change of the stored strain energy with respect to the
radius of the unbonded area with the pressure held con-
stant, and by putting the numerical derivative equal to
va, are able to make the calculations for several h/a
ratios and define the shape of the transition (the heavy
line of Figure 3).

For the geometries used in the tests described, ge-
ometries that are typical of failures observed with ac-
tual thermoplastic highway markings, only a small por-
tion of the numerical curve shown in Figure 3 is re-
quired., In all test specimens, the radius of the initially
unbonded area was 2,22 cm (0.875 in); the thicknesses

varied from 0.32 to 0,76 cm (0,125 to 0.3 in), so that the
range of the ratio of the thickness to the radius was
0.15 < h/a < 0.35. This portion of the curve in Figure
3 was enlarged as shown in Figure 4 and used to reduce
the test data.

EXPERIMENTAL PROCEDURE

The experimental procedure required the following items
of equipment:

1. A 30,5 by 30.5 by 5.1-cm (12 by 12 by 2-in) con-
crete panel with a 0,64 by 7.62-cm (0.25 by 3-in) (Na-
tional) taper pipe thread brass nipple cast in the center,

2. A high-pressure bottle of nitrogen as a gas source
and a regulator to provide pressures up to 414 kPa (60
1bf/in®) (an inert gas was used so that the bond integrity
would not be influenced),

3. A linear variable differential transducer (LVDT)
with a range of at least 1.27 cm (0.5 in),

4, A pressure transducer with a range of 414 kPa,

5. An X-Y recorder,

6. A 5-Vdc power source to drive the pressure
transducer, and

7. A carrier amplifier for the LVDT.

The first step was to cast the concrete panels. The
concrete was made of three parts small aggregate to two
parts sand to one part type 1 portland cement, a typical
paving mix. One of the threaded ends of the nipple was
sawed off and mounted so that it was flush with the top
of the form. The threaded end of the nipple extended
through a hole bored in the bottom of the form, as shown
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was flush with the flat end of the nipple., The panels
were cured 7 d at 22.8°C (73°F) and 95 percent humidity
and allowed to dry at 60°C (140°F) for 7 d to ensure that
the presence of water would not affect the test. Intwo
instances, the top of the nipple was not exactly flush
with the concrete surface, but this was remedied by
carefully hand grinding the extrusion without affecting
the surrounding concrete surface.

The panels were then brought back to 22.8°C at 25
percent humidity, and the thermoplastic material was
applied. A 4.45-cm (1.75-in) diameter Teflon disk was
centered over the nipple, as shown in Figure 6. In the
experiments in which a primer was used, it was sprayed
on to a thickness of approximately 50 um (0.002 inl)).
After all preparations were made, the thermoplastic
material was centered over the Teflon disk and the air
hole and applied at a temperature of 204°C (400°F), It
was applied approximately 0.3 cm (0.13 in) thick by using
a drawdown process in which the excess thermoplastic
was removed with a spatula (Iaboratory simulation of an
actual highway application), The panels and thermo-
plastic were cured at room temperature for a minimum
of 24 h. The test was run in a 32°C (90°F) environment;

therefore, the specimens were stored in this environ-
ment for another 24 h before testing to stabilize any
temperature differentials.

Before the tests were run, the electronic signals being
fed to the X-Y recorder were calibrated to a meaningful
scale on the graph paper. The LVDT was mounted in a
calibration block in which prescribed displacements
could be imposed by turning a micrometer barrel. A
distance of 2.54 cm (1 in) on the graph was found to cor-
respond to a 0.13~cm (0.05-in) displacement of the LVDT.
The pressure transducer signal was calibrated by plug-
ging the open end of the tubing and mcreasmg the pres-
sure in increments of 69 kPa (10 1bf/in®). Tick marks
were made on the X-Y plotter at each increment: 3.05
cm (1.2 in) on the graph were equal to 69 kPa, These
scales were used in interpreting the final plots,

In preparing the sample for testing, the LVDT was
centered over the initially unbonded area and oriented
to measure the vertical displacement of the thermoplas-
tic. The LVDT signal was run through the carrier am-
plifier and fed to the Y-axis of the recorder. The pres-
sure transducer and tubing from the gas bottle were
threaded onto the nipple in a tee connection with the
transducer placed as closely as possible to the panel
connection to ensure the pressure recorded was essen-
tially that experienced under the blister. The pressure
signal was fed to the X-axis of the recorder. The sys-
tem (Figure 7) was checked for leaks to ensure the ac-
curacy of the plotted data.

After the connections were made, the X-Y recorder
was zeroed. The pressure was increased manually at
a constant rate of approximately 69 kPa/min at the reg-
ulator until leakage or failure occurred. Figures 8, 9,
and 10 follow a sample to failure; Figure 8 shows the
specimen before the thermoplastic is removed, Figure
9 shows it after the thermoplastic has been removed,
and Figure 10 shows the lower surface of the failed
thermoplastic. An interesting observation common to
all samples is that the lower surface of the thermoplas-
tic is honey combed (Figure 10), even though the exposed
side has a glossy finish. The exact thickness of the
specimen, a dimension needed for the calculations, was
measured with a micrometer.

EXPERIMENTAL RESULTS

Six blister tests were made with the elementary appa-
ratus described above. The resulting curves are shown
in Figure 11 in which 113 and 11b show the resuils for
the specimens without and with an adhesive respectively.
To calculate a meaningful value of v, between the con-
crete and the thermoplastic marking material, it is nec-
essary to know the mechanical properties of the two ma-
terials. The concrete was assumed to be perfectly rigid
so that equations derived above would be applicable., The
effective tensile modulus of the thermoplastic was esti-
mated by substituting the deflection of an elastic cir-
cular plate subjected to a uniform load normal to its
surface into Equation 11, Because the value of the
bulk modulus of the thermoplastic is many times
greater than that of the tensile modulus, a value >0.49
at 32°C (90°F) was used for Poisson's ratio. Once a
and h are known, the effective tensile modulus is seen
to be linearly proportional to the slope of the p-versus-
w curve., Figure 11 shows that these curves have de-
creasing slopes all the way to failure. Thus, the ques-
tion then arises as to what slope should be used to cal-
culate the modulus and, in turn, the adhesive energy
release rate. Because an increase in the unbonded area,
with the pressure held constant, will increase the stored
strain energy, the modulus corresponding to the slope of
the p-versus-w curve just before failure was chosen.



Figure 11. Measured pressure versus blister displacement: (a) without
primer and (b) with primer.
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Table 1. Results of blister-peel tests of thermoplastic striping material
on portland cement concrete.

Tangent Characteristic
Modulus at Strain-Energy
h Failure Geometric Release Rate
Test (cm) (kPa) Coefficient (J/m?)
No adhesive
1 0.340 17 200 0.082 998
2 0.396 8 300 0.120 990
3 0.737 1 900 0.440 1090
With adhesive
4 0.498 2 800 0.202 2060
5 0.556 3 700 0.254 3960
6 0,445 5 400 0.156 2286

Note: 1cm =039 in, 1kPa =0.145 Ibf/in?, and 1 J/m? = 0,005 32 in‘Ibf/in?

When E and the pertinent dimensions are known, y,
is readily calculated. The numerically derived curve of
Figure 3 was entered with the appropriate value of h/a
to find the geometric coefficient equal to pZ.a/Ey,. The
va Values determined in this manner are shown in Table 1,

CONCLUSIONS

A sensitive test for the adhesion of thermoplastic
highway-marking materials to pavements has been suc-
cessfully demonstrated. The test gives quantitative
values for the characteristic strain energy required to
force crack growth along the bonded surface. The mag-
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nitude of this quantity (ya) reflects the ability of a bonded
surface to resist the tendency to debond because of either
external loadings, such as tires, snow studs, and snow
plows, or to internally generated gas pressures.

As shown in Equations 12 and 14, the experimental
evaluation of y, is a function of the square of the applied
pressure at failure; i.e., the parameter is especially
sensitive to random experimental errors of the mea-
sured value for p,,. However, the results were quite
reproducible, particularly when the rudimentary test ap-
paratus used for the demonstration is considered.

The average value of y, at 32°C for the thermoplastic
applied without an adhesive is 1025 J/m? (5.86 in+1b/in%
and that for the thermoplastic applied with an epoxy ad-
hesive is 2869 J/m? (16,3 in-1b/in®).

Comparison of the results of earlier poker chip tests
of the same thermoplastic and pavement combinations
with and without the epoxy adhesive is interesting. In
those tests, a small poker chip of thermoplastic, 5.1 cm
(2 in) diameter by 0.5 cm (0.2 in) thick, was bonded to
the pavement, and an aluminum platen, also 5.1 cm
in diameter, was then bonded to the top of the thermo-
plastic. The platen was pulled away from the pavement
and the force required to separate the thermoplastic
from the pavement measured., At 23°C (73°F), the av-
erage bond strengths were 924 and 1530 kPa (134 and
222 1bf/in® for the poker chip specimens with and with-
out adhesive respectively.

The significance of these tests is unclear, however,
because of the complex state of stress generated within
the thermoplastic and because the failures often do not
originate or propagate along the bonded (thermoplastic
to pavement) surface,

The advantages of using v, to compare various
highway-marking systems are obvious. The test can
be performed with a minimum of equipment by relatively
inexperienced technicians under a variety of environ-
mental conditions. Either a liquid or a gas can be used
for the pressurization, which means that the deleterious
effects of entrapped extrinsic chemicals can be evalu-
ated. That 4, can actually be used to calculate the mar-
gin of safety for the bonded surface under specified loads
is not without its advantages.

Many unanswered questions remain. Probably the
most important is the determination of how y, changes
as a function of temperature and rate of loading. Another
is the determination of how it changes during the curing
period just after the thermoplastic is placed. But even-
tually, the test should provide a sensitive method for
evaluating the bond performance of a given thermoplas-
tic highway-marking system. The influence of variables
that can be anticipated, reproduced in the laboratory,
and defined in numerical terms useful to the engineer is
particularly important.
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Vehicle Corrosion in Perspective

Michael C. Belangie, Materials and Research Section, Utah Department

of Transportation

Early perforation corrosion of American manufactured vehicles was a
limited localized phenomenon before the mid-1950s, but a short time
after the introduction of unibody construction and sculptured styling

in 1955, its occurrence became common throughout most of the United
States. The use of deicing salts, which had approximately doubled be-
tween 1953 and 1956, was cited in some of the literature of the period
as the probable cause. There was little mention of the reduction in
sheet-metal thickness that accompanied the change to unibody construc-
tion. Anticorrosion measures were nominal in the period immediately
following the adoption of unibody construction. The period before the
mid-1960s was not typified by major advances in anticorrosion technol-
ogy, but was a period of trial and error with much of the emphasis being
placed on improved anticorrosion design practice. It is doubtful that the
improvements made in this period (1958 to 1965) could have counter-
acted the effect of the sevenfold increase in deicing salt use during 1953
to 1965 if deicing salts were the principal cause. Although it appears
that the changes in manufacturing practice were the principle cause of
widespread corrosion, the modifications in that practice since the change
are producing significantly more corrosion-resistant vehicles. Low-
priced, 1955 and 1956 vintage automobiles having unibody construction
began to perforate within 6 months in severely corrosive environments.
In late 1976, one motor company of Canada began warranting its cars for
36 months against perforation.

It is pertinent to the following discussion to remember
the prejudicial character of the deicing salt versus cor-
rosion controversy and that fixed in the minds of many
persons in this country is the conviction that deicing
sait is the principal cause of auiomobiies rusting.

The questions addressed here are these. First, Is
the opinion that deicing salts are the principal cause of
vehicle corrosion damage legitimate ? And second, If
it is not legitimate, how much of the depreciation in the
value of the average automobile can be assessed to
deicing salts ? These questions are not casual. In
January, 1975, the research section of the Utah Depart-
ment of Transportation became the lead agency in an 11-
state pooled-fund study that included Idaho, Illinois,
Maryland, Michigan, Minnesota, Montana, New Hamp-
shire, South Dakota, Utah, Virginia, and Washington
and the Federal Highway Administration. The purpose
of this study was to develop an economic model for snow
and ice control activities (1). However, the funding was
insufficient to allow the type of economic analysis of
vehicle corrosion that would be necessary to effectively
determine the portion of increased automotive deprecia-
tion costs that can be attributed to deicing salt. As an
alternative, an in-depth review of the literature was
made., More than 200 publications on vehicle corrosion
were collected: Of this number, more than 80 percent
were technical, as opposed to economic or summation,
documents. Of the technical documents, many came

from the Society of Automotive Engineers and the National
Assgociation of Corrosion Engineers. The essence of this
collection is summarized in an unpublished draft, Ve~
hicle Corrosion, a Synthesis (2).

In developing this synthesis, it became apparent that
the document collection could be divided into two sections:
those documents or portions of documents dealing with
the corrosivity of the environment and those dealing with
the ability of the vehicle to resist corrosion. The dif-
ferentiation is important in evaluating and assigning
relative economic costs because it accentuates the fact
that both the ability of the average vehicle to resist cor-
rosion and the corrosivity of the environment have varied
over time. This makes the assessment of costs due to
corrosion considerably more complex than would be in-
dicated by recent economic studies.

An understanding of the market place may be adequate
to determine the additional depreciation of the average
automobile of a given vintage due to corrosion. However,
it is not sufficient to determine the assessment of costs
against one environmental factor. To make this assess-
ment, a basic understanding of the variability of the cor-
rosive environment as well as of the changing technology
of the average automobile is mandatory.

CORROSIVE ENVIRONMENT

What factors then must be considered it one wishes to
assess the cost of a specific corrosion-causing environ-
mental factor, in this case, deicing salts? The size
and extent of the corrosive environment is probably a
reasonable starting point.

Figure 1 indicates that vehicle corrosion is a world-
wide phenomenon. The map shows the noncommunist
areas having the potential for a substantial degree of
corrosion. Blackened areas indicate the probable use
of deicing salts; slashed portions show those areas that
do not use salt. Unshaded areas are not exempt from
corrosion, but in these areas, it is likely to occur so
late in the economic lifetime of the average vehicle as
to have relatively little effect on its resale value,

Of the 282 million vehicles registered in noncommunist
countries in 1973 (3), approximately 55 percent were in
corrosive environments in which deicing salts were apt
to be used (blackened areas). Twenty-five percent were
in equally corrosive environments in which no deicing
salts were used (slashed areas). And 20 percent were
in environments where corrosion occurs, but is gen-
erally not considered a substantial problem.

Of the 102 million automobiles registered in the
United States in 1973 (3), between 46 million and 74



million were in corrosive environments in which deic-
ing salts are used. The lower of these estimates (46
million) was derived from Figure 2 (4, 5) and represents
a conservative estimate of the corrosive environment in
the continental United States. The larger was derived
from Figure 3 (6) and represents a more generous view
of the corrosive environment in the United States.

Figure 1. Noncommunist areas having potential for substantial vehicle
corrosion,
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Figure 2. Conservative estimate of corrosion environment in the
United States.
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CORROSIVITY OF THE ENVIRONMENT

If this is the extent of the corrosive environment, then
what determines the corrosivity of the environment ?

The effects of the atmosphere and its pollutants on
the corrosion rate are substantial. The atmosphere is
both the source and the principal moderator of the cor-
rosion process. It supplies two of the three constit-
uents—water and oxygen—required before corrosion
can occur (metal is the third constituent). [Corrosion
mechanisms affecting vehicles have been summarized
elsewhere (5,6, 7).

Fromm's studies (8) in Canada indicated that cor-
rosion rates were four times higher in humid air-
polluted environments than in dry nonpolluted climates.
His data also showed that deicing salts and air pollution
contributed about equally to corrosion damage in the
Toronto area. The most severe conditions studied
(Toronto and Halifax) are probably more or less typical
of the northeastern United States and those states
bordering the southeastern shores of the Great Lakes.
These severely corrosive areas can be characterized
as having high air pollution, high relative humidities,
and high uses of deicing salts.

Air pollutants are absorbed into particulates that
adhere to surfaces and form point sources of corrosion.

Most of the common air pollutants, as well as the deicing

salts, are anhydrous and act as moisture reservoirs,
allowing corrosive processes on even apparently dry
surfaces. Dissolved air pollutants and deicing salts
form electrolytes that lower solution freezing points
and increase electrochemical activity. Both processes
increase corrosion rates. As a paper published by the
National Association of Corrosion Engineers (9) states,

Contaminants from the air occur in such minute quantities that their ef-
fect would seem trivial; however, the corrosive rate is at its maximum in
dilute acid solutions. Therefore, small quantities of contaminants are
the most harmful.

Relative humidity, the presence of dissolved oxygen,
and the temperature are some of the principal factors
affecting corrosion processes. The effects of these
factors have been described by Chance (5):

... it is not necessary to have 100 percent relative humidity to produce
condensation on metal surfaces. Hygroscopic impurities in the atmo-
sphere or on the metal surface will cause condensation at much lower
values. For certain metals, there is such a thing as a critical relative hu-
midity above which corrosion will proceed at an accelerated rate. For
such metals as iron, copper, nickel, and zinc, the critical relative humid-
ity generally falls between 50 and 70 percent. As an example, the cor-
rosion behavior of iron in a 0.01 percent SO, atmosphere at various
relative humidities is shown in Figure 8 [Figure 4 (10, p. 147)]. Note
the dramatic increase in corrosion rate beginning at 60 percent relative
humidity.

Dissolved oxygen in solutions has a very definite effect on corrosion
rates. In nearly neutral solutions, as in many natural waters, the con-
centration of dissolved oxygen is the controlling factor that determines
corrosion rates. This fact is demonstrated in Figure 7 [Figure 5 (10, p.
81)], which shows the effect of dissolved oxygen concentration on the
corrosion of mild steel in slowly moving water containing 165 ppm
CaCls.

An old axiom in reaction kinetics states that reaction rates increase
by a factor of two for every 10°C rise in temperature, and it is also
generally true that corrosion rates increase with temperature. How-
ever, there are other considerations. For example, the dependance of
the solubility of oxygen in water on temperature is shown in Figure 6
[{11)]; as the temperature rises, the solubility of oxygen decreases.
Diffusion rates increase somewhat to compensate for the loss of oxygen,
but the effect on corrosion rates could still be significant.

Our affluent society and the low energy costs of the
past have had a direct influence on vehicle corrosion,
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in the form of enclosed and heated garages. The effect
on the corrosion rate, as shown in Figure 7 (12), is
substantial. The lower lines represent corrosion rates
in open unheated storage. The upper lines represent
corrosion rates in closed heated garages.

AUTOMOBILE MANUFACTURING
(CHANGING TECHNOLOGY)

The question that has generally been either avoided or
ignored in assessing vehicle corrosion in economic
studies is this: I a product is modified and in the pro-
cess becomes less able to withstand the environment,
is it valid to assess the loss against the environment,
or more particularly against one particular aspect of
the environment ?

Figure 7. Corrosion rates of 56

crevice specimens attached to
vehicles in heated and unheated agl
garages.
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Before the mid-1950s, automotive corrosion was
apparently a relatively isolated problem. However, in
1955 the appearance of automobiles changed, Sculp-
tured styling became common and, with it there was a
reduction in sheet-metal thickness. Accompanying
these changes in body geometry were the beginnings of
modification in support structures. Cross-member
construction was replaced by unibody construction
characterized by relatively light-gauge, formed, sheet-
steel members, This reduction in sheet-metal thick-
ness, in both body and support members, is probably
the basic reason for the increase in early corrosion
perforation that began in American-produced vehicles
in the mid-1950s, A subsidiary and initially equivalent
probable cause was the lack of anticorrosion measures
in both the design and manufacture of vehicles,

The lack of anticorrosion measures can be illustrated
by considering the amount of galvanized steel used by
the automotive industry. In 1955, galvanized steel was
not in common use; in that year, the industry used 25
Gg (27 000 tons). This is equivalent to an average of
2.7 kg/vehicle {6 Ib/vehicle) for trucks, buses, and
automobiles. Today, approximately 73 kg (160 1b) of
galvanized steel are used in the construction of the
average automobile. Automotive manufacturing practices
before 1970 are summarized elsewhere (5, 13).

Figure 8 is a speculative distribution based on in-
ferences from the documents in the study file. It is an
attempt to show the distribution of times at which
American automobiles of a given model year would
have visible perforation corrosion in a severely cor-
rosive environment. For instance, the extreme left
end of the chart indicates that corrosion in 1951 models
would follow an approximately normal distribution with
corrosion first appearing in some 1951 model auto-

mobiles when they were about 1.5 years old.

The average 1951 automobile (according to this
speculative distribution) would begin to show perfora-
tion corrosion at about 3 years, and some would not
perforate until they were 4.5 years old. To the ex-
treme right, the schematic shows a predicted relatively
flat distribution. The 1986 models of American auto-
mobiles are expected to begin to show corrosion per-
foration after 4 years of use, and the last of this model
year will perforate after 8 years of use.

The dip that begins with the 1955 models and de-
velops into a fairly consistent, moderately skewed dis-
tribution represents the adoption of lighter gauge steel
and unibody construction by automotive manufacturers,
before the development of adequate corrosion-resistant
materials. The slow upswing before the mid-1960s is
based more on the adoption of good design practices for



Figure 8. Time to corrosion perforation of American automobiles.
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reducing corrosion than on the successful incorporation
of new materials.

DEICING SALTS

Figure 9 (14) indicates why the argument that deicing
salts are responsible for the increase in corrosion just
depicted is questionable. Salt use was fairly constant
during the period from 1947 to 1953, at 450 to 635 Gg/
year (500 000 to 700 000 tons/year). Between 1953 and
1955, salt use roughly doubled, but it then stayed rela-
tively constant until 1958. This doubling has been used
as the justification for implicating deicing salt as the
cause of the high incidence of corrosion occurring in
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1955 to 1958 model automobiles (shown by the vertical
bar).

Galvanized steel is only one of many ways in which
an automobile manufacturer improves the corrosion
resistance of the product at present. In 1955, the aver-
age vehicle (including trucks and buses) contained about
2.7 kg (6 1b) of this material. By 1965,the averageauto-
mobile contained 46 kg (101 Ib), and today it contains
73 kg (160 1b).

If salts were the cause of the sudden increase in cor-
rosion between 1955 and 1958, then why did not auto-
mobiles literally fall apart in the years following? If
we use 1953 as the base year, salt use had increased
sevenfold by 1965. Yet there was no corresponding in-
crease in corrosion damage. Were the changes in cor-
rosion protection so extensive between 1958 and 1965
that this apparently highly corrosive element had been
neutralized, or was there some other reason?

This period was not typified by major advances in
anticorrosion technology, but was a period of trial and
error with most of the emphasis being placed on im-
proved anticorrosion design practice. It is unrealistic
to assume that the efforts of the automotive industry in
this period—1958 to 1965—could have counteracted the
sevenfold increase—1953 to 1965—in deicing salt use,
if salts were in fact the principal cause of corrosion.

ANSWER TO QUESTION ONE

Let us return to the original question: Is the opinion
that deicing salts are the principal cause of vehicle
corrosion legitimate ?

Fromm showed that deicing salts and air pollution
contribute about equally to corrosion damage. The
change in automobile manufacturing procedures be-
ginning in 1955 is well documented. The arguments
that fixed the blame for the increase in corrosion be-
tween 1953 and 1956 on deicing salt should also be
applicable to the subsequent multifold increase in
deicing salt use in the following years, and the impact
on vehicles should have been significantly greater than
it was.

Perhaps the best argument against totally blaming
deicing salts comes from a review of areas in which
deicing salts are not used, such as the Gulf Coast, that
have equally severe corrosive environments, In semi-
tropical and tropical climates, the upper portions of
the automobile body are more subject to attack than
are the lower portions; in areas in which deicing salts
are used, the lower portions are attacked more than
the upper (7). If deicing salts were the principal cause
of the increased corrosion between 1953 and 1956, then
vehicles on the Gulf Coast should have fared better,
but they did not.

Thus, the answer of the first question is that deicing
salts undoutedly contribute to vehicle corrosion. But
the principal cause of premature corrosion perforation
is probably attributable to the method of manufacture
adopted by the American automotive industry in the
period beginning in 1955,

The improvement in corrosion resistance of the
automobile that has occurred since 1958 is also attribut-
able to the automotive industry and its suppliers. Fig-
ure 10 shows four samples that were subjected to 250 h
in a salt fog chamber (15).

Figure 10a shows the kind of damage incurred by
the rust-susceptible areas of an automobile having the
average protection available before the early 1960s.
During the late 1950s and early 1960s, galvanized steel
began to be substituted in those portions of the body to
which it could be adapted. Its use increased until the
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Figure 10. Samples of steel after 240 h in salt spray chamber: (a) unprotected cold-rolled, {b) galvanized, (c) zinc-rich primed, and
(d} coil coated.
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late 1960s and has held fairly constant since then. Fig-
ure 10b shows the damage incurred by this type of
material.

Zinc-rich primers were first sprayed on some in-
terior components, such as the interiors of doors, at
about the same time that galvanized steel began to be
incorporated intothe underbody members, and by the late
1960s, dip tanks using electrocoating procedures were
installed, and the consistency of application of
corrosion-resistant coatings improved. Figure 10c
shows the damage incurred by this type of material.

The next major step in improving corrosion resis-
tance was introduced in 1975. The process, referred
to as coil coating, is being incorporated on an increased
scale in 1977 models. Figure 10d show the damage
incurred by these materials. The improved corrosion
resistance shown in Figure 5 for the late-1970s and
1980s is based on the eventual adoption of this type of
product or its equivalent.

ANSWERS TO QUESTION TWO

Let us now return to the second half of the original

question: How much damage can be assessed against
deicing chlorides ?

Proposition One

It can be argued (in brief) that the maximum cost of
damage assessed cannot be greater than the capitalized
investment paid out to protect against the damage.

One company has had available a process with a 5-
year guarantee against perforation corrosion since the
mid-1960s. The cost of this process in the 1960s was
approximately $100, and at present, it is about $150.

Ackerman and others have shown that vehicle depre-
ciation follows an approximately exponential decay
curve (16). By the end of the fifth year of the lifetime
of an automobile, its resale value is approaching the
low end of its economic value, It is doubtful that cor-
rosion perforation after that time could decrease its
resale value very much. Even if all of the increased
depreciation in the period following the fifth year were
assigned to the corrosive environment, the maximum
amount assignable to deicing salts could not exceed 50
percent of the increased depreciation because no more
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than 50 percent of the increased corrosion damage can
be assigned to deicing salts (17). The assessed portion
of costs against deicing salts of a postconstruction
corrosion-proofed vehicle, therefore, will have to be
small.

Also, since consumers have not taken advantage of
the available postconstruction rust-proofing process,
the apparent costs of corrosion to them must be less
than the additional costs of postconstruction protection
and increased depreciation. Therefore, the costs as-
sessed against deicing salts cannot be greater than the
costs assignable to rust proofing a vehicle.

Proposition Two

The corrosion resistance of the average automobile is
significantly better now than it was in 1955. So much
so that one motor company is offering a 36-month
warranty against perforation corrosion on all of its pas-
senger automobile lines in Canada. On the basis of this
warranty offering and the general improvement in tech-
nology, as shown by the metal coupons in Figure 10,

it can be assumed that the average well-manufactured
automobile today should be able to withstand at least 2
years in a severely corrosive area without perforating,
and in the near future, 3 years.

The differences between this proposition and proposi-
tion one are these: (a) the depreciation assignable to
corrosion would at present begin in the third year of
the lifetime of the automobile and in the near future in
the fourth year, and (b) there would be no charges as-
signable to postconstruction rust proofing.

SUMMARY

It is reasonable to assume that changes in manufacturing
practices were more responsible than deicing salts for the
highrust susceptibility of automobiles manufacturedafter
1955. However, in the last 20 years, the corrosion resis-
tance of the average automobile has been improved sub-
stantially. And, if the manufacturers continue their
present trend in adopting new corrosion technology, the
automobile should continue to improve in corrosion
resistance for some time to come. As the population
of vehicles with improved corrosion resistance in-
creases, the costs assignable to the corrosive environ-
ment, with or without deicing salts, will be reduced,
eventually to the capitalized investment of manufacturer-
installed corrosion protection.

In the spring of 1976, the cost to coil coat all the
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nongalvanized body parts of an automobile [approxi-
mately 270 kg (600 1b) of sheet steel] would have been
approximately $35 dollars.
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Preformed Elastomeric Joint Sealers

for Bridges

George S. Kozlov and Bruce Cosaboom, Division of Research and Development, New

Jersey Department of Transportation

A proven effective solution to the problem of sealing joints in bridge
decks is described. The basis of the solution is the use of specially de-
signed joint armor in combination with currently available, preformed
elastomeric sealers. The approach is adequate for simple-span, compos-
ite, concrete, or steel structures having span lengths up to 52 m (170
ft). The special armored-joint system was field tested on three struc-

tures. Two of these were monitored both manually and with automatic
instrumentation to determine the causes and range of magnitudes of
bridge-end movements; they were also tested for leakage with dyes at
periodic intervals over a 5-year time span. The third structure was used
to conduct load tests on the joint armor and armor anchorage compo-
nents. Application of the results led to the development of practical
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procedures for the design and construction of armored bridge joints and
the selection of an appropriate size of elastomeric sealer.

In 1965, the New Jersey Highway Department, now the
New Jersey State Department of Transportation (NJDOT),
began a study of the behavior of preformed, elastomeric
bridge-~joint sealers, which had by that time become a
common means of sealing bridge joints. The preliminary
results showed a lack of adequate knowledge of the char-
acteristics of sealer materials and the behavior of bridge
joints, and in response, a formal research project was
launched. The first phase of the project, the subject of
this report, concentrated on testing and improving the
suggested methods of design and construction of joint
systems and establishing relations among deck temper-
atures, air temperatures, and joint movements. The
second phase will concentrate on the development of
realistic acceptance specifications for preformed sealers.

In phase 1, methods for the design and construction
of an effective joint-sealing system for bridges have been
developed and proved successful. Armored joints
sealed with preformed sealers have been installed on
two typical highway bridges and have functioned flaw-
lessly for over 5 years. The relation between joint
movements and air temperatures for simple-spanbridges
has been determined.

This summary of phase 1 of the joint-sealing project
omits many details of how the research was conducted,
which are available elsewhere (1,2,3,4), It is expected
that the reader here will be most inferested in the proj-
ect's accomplishments. Accordingly, this summary
primarily presents the results, particularly those meth-
ods for design, construction, and sealing of bridge joints
that have been found successful for New Jersey highway
structures.

SCOPE OF PHASE 1

The scope of phase 1 of this project was to test suggested
methods for the design and construction of joint systems,
to establish the causes of joint movements, and to iden-
tify the relations of design and construction methods to
such movements, For the most part, the study was lim-
ited to two simple-span, composite-design bridges that
had significantly different joint skews and length-to-
width ratios. Together, these bridges typify the great
majority of highway bridges in New Jersey today. The
study included the design, construction, and performance
evaluation of the armored and sawed joints of the two
bridges.

The performance evaluation consisted of frequent vi-
sual observations, measurement of movements and struc-
ture and air temperatures, and use of liquid dye tests to
locate leakage through joints. Movement and tempera-
ture data were obtained by both manual and automated
methods. The extensive data gathered by the automated
method were used to establish the effective temperature
of a bridge deck and its correlation to the air tempera-
ture and to the movements at the deck joints of the bridge.
The long-term stability of these relations were verified
by using the manually recorded information.

To further evaluate the movement and temperature
data, the coefficient of thermal expansion of a concrete
deck was determined, and the influence of moisture on
it was isolated.

Although it was not originally considered within the
scope of this project, a test program was included in-
volving the load testing of an armored bridge joint. The
full-scale field tests were designed to evaluate the load
distributions and reinforcement stresses that must be

accommodated in designing joint armor,
CONCLUSIONS OF PHASE 1

This phase of the project has resulted in the development
of procedures for (a) the design of joint armor, (b) the
construction of armored joints, and (e) the selection of
sealers. Each of these has been successfully field tested
for more than 5 years on two experimental bridges, and
a third experimental installation of an armored joint that
was completed in the fall of 1974 included the final modi-
fications of all of the procedures. The conclusions of
phase 1 are summarized below:

1. The use of a combination of an armored joint and
an appropriate preformed, elastomeric joint sealer is a
practical and proven solution to the problem of bridge-
joint leakage and infrusion.

2. It is essential to recognize the realities of joint
design and construction. In the absence of adequate
quality control in construction, no material and no method
of its application will succeed. The procedures sug-
gested here and given in detail elsewhere (l) require only
a little care in manufacturing and construction and should
lead to a totally satisfactory result.

3. The formed and sawed methods of joint construc-
tion evaluated were unsuccessful principally because
they required an unattainable quality of workmanship
from the contractor. In contrast, the success of the
armored joint system can be attributed in part to the
fact that it can be prefabricated and then installed
within the constraints of normal construction practices.

4, For simple-span bridges, the movements of deck
ends are affected predominately by temperature changes.
The correlation between ambient air temperature and
bridge expansion was shown to be linear. Other environ-
mental parameters (such as insolation, precipitation,
and moisture) and physical characteristics (such as
creep) were found to have no significant influence on
bridge-end movements; hence, the correlation between
bridge expansion and air temperature changes is also
unique (i.e., for practical purposes, it is the only cor-
relation that need be considered).

For design purposes then, it is the range of ambient
air temperatures at the particular site that may be as-
sumed to be the effective temperature for a bridge. This
is, of course, consistent with normal design assumptions.
Far Nou Tarcarwr
temperature range should be taken as -18 to 43° C (0 to
110° F),

5. The movements of fixed joints are insignificant,
although somewhat erratic. This demonstrates the ade-
quacy of the bridge-bearing design used in New Jersey
and the validity of the basic design assumptions. The
erratic features, of course, are due to the normal 1.5-
mm (Ye-in) tolerances that are permitted for bolted con-
nections of metal parts. In view of the critical need of
attaining well-controlled movements, the bearing system
used in New Jersey is compatible with the use of pre-
formed elastomeric joint sealers; furthermore, only
bearing systems that are known to similarly control the
joint movements should be used in conjunction with these
sealers.

6. The displacements at expansion joints that are
predicted on the basis of the normal air temperature
range will probably not be exceeded provided the thermal
coefficient of expansion of the particular bridge is known
fairly accurately. For composite bridges constructed of
a steel superstructure and a reinforced concrete deck,
this coefficient lies between the accepted coefficients of
steel and concrete. Although the volume of the concrete
in such a bridge is significantly greater than that of the



steel, the thermal coefficient of the total mass lies
closer to that of steel and is probably 0.000 011 5 m/m/
°C (0.000 006 3 in/in/® F). There seems to be no reason
why the usual average values of the coefficient of expan-
sion for all-concrete or all-steel structures should not
be used, and the thermal coefficients should be taken as
linear throughout the temperature range.

7. For bridges having skews of less than 15° (0.25
rad) and the kinds of bearing systems used by NJDOT,
the overall joint movements may be accurately calculated
by using the following general formula:

AL = aLAt (@))
where

L = length of bridge in direction of stringers,
t = temperature, and
o = coefficient of thermal expansion.

The effects of the skew can be neglected.

8. For bridges having skews approximately between
15 and 50° (0.25 and 0.9 rad), the joint movements that
occur in the direction perpendicular to the joint can be
assumed as uniform across the length of the joint. The
magnitudes of these movements will be less than that
predicted by use of the general formula. However, as
the skew angle increases and the ratio of the length of
the bridge to the length of the joint becomes less than 1,
the joint movements in the direction parallel to the joint
become substantially larger than those in the direction
perpendicular to the joint. Thus, caution is necessary
to ensure that these movements are accommodated or
minimized, depending on the type of joint system in use.

9, In general, the bearing system that is in standard
use by NJDOT for bridge construction is effective in con-
trolling and directing bridge displacements.

10. Ina 200 to 230-mm (8 to 9-in) thick concrete
bridge deck, temperature gradients through the thickness
of the deck exceed 11° C (20° F) at times throughout the
year. These large gradients are of short duration and
are primarily due to intense solar radiation. Most of
the temperature differential at such times occurs in the
top 25 or 50 mm (1 or 2 in) at the surface of the deck and
has little immediate influence on the displacement re-
sponse of the bridge.

11. A general, although guarded, conclusion can be
made that—provided there is compatiblity of materials—
many of the effects of temperature or the lack of effects
of moisture, creep, and such are transferable; i.e.,
generally similar effects can be expected in other
simple-span, composite bridges and also in all-steel
and all-concrete simple-span structures. On the other
hand, however, bridge-end displacements are also a
function of the particular bridge design and are unique
for each and every design system. For example, the
bridge-ends in a cantilever design system behave dif-
ferently from those in a simple beam or a continuous
beam design. To attempt to combine the movement
characteristics of all bridge designs or to extrapolate
from one to another could lead to gross errors. Thus,
the selection of the simple-span type of structure for
instrumentation, because of its functional simplicity,
served well to isolate the phenomena affecting bridge-
end movements.

RECOMMENDATIONS OF PHASE 1
In addition to those that can be derived from the above

conclusions, phase 1 led to the following recommenda-
tions:
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1. The procedures for the selection of an elastomeric
joint sealer, the sizing of the joint opening, and the de-
sign and construction of an armored bridge joint are
given below. Strict adherence to these procedures will
provide leak-proof and intrusion-proof joints for bridges
up to 52 m (170 ft) in span length.

2. For bridges with spans exceeding 52 m in length,
many deficient joint seals are being marketed. Recom-
mendations on this subject have been given elsewhere (5).

3. Because of the unpredictable behavior of bridge
approach slabs, under no circumstances should an ar-
mored, elastomeric sealer joint be placed directly be-
tween a bridge deck and its approach slab.

4. The use of preformed, elastomeric compression
sealers in concrete pavement joints of the type [19-mm
(%-in) expansion joints] and spacing (24 m (78 ft)] used
by NJDOT is unwarranted and is specifically not recom-
mended.

5. The investigations performed in this study should
be broadened to include varied locations, larger spans,
and different types of bridges. The behavior of struc~
tures having skew angles larger than 50° (0.9 rad) and a
ratio of bridge length to length of joint of less than 1 was
not quantified, and further investigation is warranted.

6. The manner in which a bridge approach slab
should tie into a structure and the performance charac-
teristics of such slabs are in reality unsettled questions.
A research study is suggested to identify the warrants
for and structural behavior of these slabs.

PROCEDURES FOR DESIGN,
CONSTRUCTION, AND
SEALER SELECTION

General

The selection of one specific joint-armor design rests
on the basis of rather extensive experimentation in con-
struction. There is no such thing as a foolproof design,
but there is also no reason why a complete and a satis-
factory solution cannot or should not be expected; i.e.,
if at least a little care is exercised in the manufacture
and construction of a joint and if the following basic de-
sign principles are adhered to:

1. The deck joints must be horizontally straight from
outer edge to outer edge, and the sidewalk joints must be
directly above in the same straight fashion.

2. The main sealers must be placed out to out, and
the sidewalk sealers must also be placed out to out; i.e.,
bottom of curb to outside of structure with only one ver-
tical shallow bend [60° (1 rad)] at the curb.

Joint~Armor Design Procedure

Basic Design Considerations

In the United States, there is no official specification
that deals directly with the design of armored joints.
Therefore, the AASHO specifications (6) were adopted
for the purpose of establishing loads, Ioad distributions,
and impact factors for the design of armored joints, and
an armored joint was then designed and constructed, in-
strumented, and tested for stress-strain determination
under load. The information gained from those tests is
reflected in the final armored-joint design presented
here, However, the tests were limited, and deviation
from the 230 by 50 by 13-mm (9 by 2 by 0.5-in) armor
angle or the offered anchorage would require discretely
exercised engineering judgment. Basically, the impor-
tant features of the armored joint, shown in Figure 1,
are as follows:
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1. A small top flange to minimize incurred loads,

2. No bottom flange (as would occur with the use of
a channel section),

3. Top and bottom anchors (as opposed to a single
row of anchors),

4. Thirteen-mm (0.5-in) minimal thickness of arma-
ment to minimize localized deflections, and

5. Close anchor spacing (to ensure that more than
one anchor takes the burden of incurred loads).

The problem of an actual stress analysis of this struc-
turally indeterminate system was solved by the use of
reasonably severe but safe assumptions based on engi-
neering judgment. If the effectiveness of the concrete
beneath the turned-down angle is neglected, a unit length
of joint may be rendered statically determinate, which

Figure 1. Features of joint-armor design. v

Ygx1 ' ANCHOR

S\
K \

3y STIFFENER

3’5 xl '/2 ANCHOR i__

X
— =

Mo

@
PIER
OPEW 4T IN
ARAPLT
'

Figure 2. Deck-joint plan and sections.
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makes further stress analysis rather straightforward.
The size and spacing of the anchorage reinforcement then
follows directly from consideration of the assumed loads,
which also reflect the field-test results. (In my engineer-
ing judgment, the joint armor should be designed to carry
the full, dual-wheel load of the AASHO HS20-44 loading,
whichis sufficiently conservativeto ensure a safe design.)

Because of the dynamic nature of a wheel load, the
joint-armor design must also allow for the impact and
frictional effects that increase the vertical load and cre-
ate horizontal forces on the armor angle.

Regrettably, no dynamic load response could be as-
certained in the joint-armor tests and therefore, the
true impact and frictional effects, which must be con-
sidered, remained unknown. As a result, the degree of
allowance for these effects is left to the designer's dis-
cretion. The design procedures reflect this; an impact
factor of between 0 and 30 percent and a coefficient of
friction of between 0 and 0.80 were permitted. However,
in the follow-up example and in the standard drawings
shown in Figures 2, 3, and 4, definite practical values
for these two parameters are used. (The design pro-
cedure discussed in this paper was developed for U.S.
customary units only; therefore, SI units are not given
in the figures, tables, or remainder of the text.)

Design Loads and Allowable Stresses

Figure 1 also gives a schematic representation of how
the wheel load and its horizontal frictional component is
applied to the joint armor. The AASHO specifications (6)
for the HS20-44 loading, which is considered applicable
for this joint-armor design, are given below:
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Figure 3. Sidewalk and curb elevations and sections.
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Factor Value T, = horizontal component of T,
; = vertical component of T
Wheel load, kips 16.0 L=y iy ok T,
Impact fraction, % 0to 30 R = bottom anchor reaction,
Friction factor, % 0to 80 R, = horizontal component of R,
R, = vertical component of R,

As shown by the load tests of the armored bridge

joints, the load distribution can be assumed to be

E =4.0 ft. The applied loads will, of course, create
stresses in the various armored-joint components and

in the concrete surrounding the joint system. A safe
armor design will be one that keeps these stresses below
allowable limits. The applicable allowable stresses are
given in sections 5 and 7 of the AASHO specifications (6).

Anchorage Reactions

In Figure 1, the concrete in contact with the steel angle
is considered to be ineffective, with that portion above
line LK giving no support to the angle. It is quite pos-
sible that poor construction practices could produce such
a condition. I this concrete is omitted from considera-
tion, the applied loads are transmitted into the deck only
by the upper and lower anchor bars. The field investi-
gations established that it is appropriate to assume the
load reactions of these anchor bars to be as shown in
Figure 1. The magnitudes of the reactions can be com-
puted from straightforward analysis of the static equi-
librium conditions.

In the diagrams and formulas and their derivations,
the following notation is used:

V = vertical load (wheel load),
H = horizontal load,
T = top anchor reaction,

I = impact fraction,
C = friction factor,
E = distribution factor (taken as 4 ft),

W, = resultant of shearing stress in the weld,
W; = resultant of bearing stress at end of anchor,
P, = total allowable load to be carried by cross weld

between top of anchor and angle,
D = leg size of fillet welds (in)
L = effective length of weld (in),
= effective length of cross weld (in),
n = number of anchors/ft of length,
a = thickness of anchor (in),
b = width of anchor (in),
A = area of anchor (in® ),

Lyong = effective hond length (in)
Liear = effective bearing length (m)
fa = allowable unit stresses of f111et welds,

f, = unit ultimate compression strength of concrete,

fy, = allowable shearing unit stress of concrete,
foona = allowable bond unit stress of concrete,
foear = allowable bearing unit stress of concrete,

f, = allowable tensile unit stress of steel,

= allowable shearing unit stress of steel,

f, = combined unit stress due to shear and moment,
f, = vertical component of combined unit stress, and
f,, = horizontal component of combined unit stress.
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Figure 4. Joint-armor assembly —details, sections, and elevations.
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DETAIL OF ARMORED JOINT ASSEMBLY

The applied loads are given by the following equations:

V=16.0(1+1) )]
H=16.0x C (3)
both in kips per E, and

V=(16/E)(1 +D)=4.0(1 +1) 4)
H=(16/E)x C=4.0x C (5)

both in kips per feet.

The geometric relations between the loads and the
anchor-ban reactions for the specific steel angle pro-
posed and the suggested location and orientation of the
anchor bars are shown in Figure 5 (the horizontal force
can act in either direction), By using the laws of statics
and taking £(moments about B), T(horizontal forces),
and T(vertical forces), the following equations for the
reaction components (T, T,, Ry, and R,) and the anchor
reactions (T and R) are readily developed. (Selection of
an armor and anchorage system having different geome-
try and dimensions from that shown in Figure 5 would
result in different equations and reactions.)

Ty =Ty =(0.5/8.3)V £ (7.3/8.3)H (6)
Ry =(0.5/8.3)V +(7.3/8.3) *H @)
Ry =V +(0.5/8.3)V + (7.3/8.3)H (8)
T=+/2'Ty ©)

NOTE DO NOT PAINT

ANCHOR STRAPS

+ FOR 2" OR LESS WIDE
SEALERS USE %" x %" BARS

% ¢ BOLTS WiTH
HEX. WD. & HEX NUT
vP)

Notes: Depth of sealer seat shall be sealer height plus 0.5 in
for all sealers up to 4-in nominal width; height plus
0.75 in for larger sizes.

Horizontal spacing b staggered T

clamps shall not be more than 2.5 ft at the ends of
armor and about 3.0 ft otherwise.

All components of the joint assembly shall be ASTM
A-242 steel or equal.

Armament and sealer shall be shop assembled and
clamped at final width setting; if field assembly is
required, joint width shall be set with sealer in place.

CLAMP ANGLES

R=(Ry? +Ry?)" (10)

The anchor reactions derived by inserting appropriate
load values for V and H in the equations and considering
the possible ranges of impact and friction factors are
shown in Tables 1 and 2 and Figure 6. In Figure 6, for
design purposes, the R, and minimum R, values are dis-
regarded; R, is negligibly small and minimum R, values
depend on the shnuld

1 owaaw QAdICCULI0I Q2 1XA0N1IC AN, INeRrernre ; SNOUIa

be neglected because both joint-armor angles must be
designed to carry maximum load reactions.

Application Example

Assume that an armament and anchors of the size and
configuration shown in Figure 1 are selected for design,
and select an impact factor of 30 percent and a maximum
horizontal friction factor of 80 percent. The anchor re-
actions (per linear foot of joint)—R and T—can be found
from Table 2 or Figure 6. The size, spacing, and weld-
ing requirements are determined as shown below, and
the final, detailed joint design is that shown in Figures
2, 3, and 4 and requires the following: T = 4.42 kips
and R, = 8.327 kips.

1. Thewelding requirements canbe determined from
the procedures given ina standard design manual (7). (These
procedures are described inthe manual as following a mid-
dle course and yielding results that appear reasonable by
test results.) From Figure 7, inthe top anchors, W, = W, =
*h2f,L and Py = 0.707,,DL1. The moment about W, is

T, - P) x *eL = W, x %L x 2, and therefore, f, =



Figure 5. Geometric
relations between loads and
anchor-bar reactions.
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1%6(T, - 0.707,,DLy)/L; f, = T,/2L + L); and f, =
(£2 + £2)%,

2. If the top anchor spacing is 12 in on center (OC)
(determined by the field-load tests), T, = Ty, Ly = 1.5 in,
L =1.01in, D = %ein, and f,y = 12.4 klps/m . Then,
by using the formulas for f,, f, and f,, we can solve for:

= ? .45 kips and T = T,/2 = 7.71 kips > 4.42 kips (Fig-
ure 6

In the bottom anchors (for a spacmg of 8-in OC),

%-15 and a = 0,375 in, b = 1.5 in, fun=12.4
mps/m and Ry = 0.707f,,D x 2(a + b) xn = 15.45 kips >
8.327 kips (Figure 6).
3. The shearing stresses in the bottom anchors [for

o an 8-in OC spacing (n = 1.5) and £, = 12.0 kips/in®] are
1 R, " Ry =f,, X A xn = 10.13 kips > 8.327 kips.
- 4. The bearing stresses in the bottom anchors [as-
? suming a triangular bearing distribution with available
B Liesr = 10.5 in, 8~in OC spacing (n = 1.5), and fyer = 0.7
Table 1. Components of joint-armor design-load reactions.
T, = Ty (kips) Ry (kips) Ry (kips)
(%  V (kips) H (kips) +H -H +H -H +H -H
0 4,00 0.0to3.20  0.241t03.055  0.241to -2.573 0.241to -0.145  0.241to 0.627  4.241to0 7.055  4.241 to 1.427
5 4.20 0.0 to 3.20  0.253 to 3.067  0.253 to -2.561 0.253 to -0.133 0,253 to 0.639 4,453 to 7.267  4.453 to 1.639
10 4,40 0.0 t0 3.20  0.265t0 3.079  0.265 to -2.549  0.265 to -0.121 0,265 to 0,651 4,665 to 7.479  4.665 to 1.851
15 4,60 0.0 to 3.20  0.277t03.091  0.277 to -2.537 0.277 to -0.109  0.277t0 0.663  4.877 to 7.691  4.877 to 2.063
20 4.80 0.0t03.20  0.289 t03.103  0.289 to -2.525 0.289 to -0.097  0.289 to 0.675  5.089 to 7.903  5.089 to 2.275
25 5.00 0.0t03.20  0.301t03.115  0.301 to -2.513 0,301 to -0.085  0.301 to 0.687  5.301 to 8.115  5.301 to 2,487
30 5.20 0.0 t03.20 0,313 to 3.127  0.313 to -2,501 0,313 to -0.073  0.313 t0 0.699  5.513 to 8.327  5.513 to 2.699
Note: Applied vertical load = 4.0 kips/ft, applied horizontal load = (4.0 x C) kips/ft, and C = 0 to 80%.

Table 2. Joint-armor design-load reactions.

Figure 6. Joint-armor design-load reactions.

T (kips) R (kips)

1(%) V(kips) H (kips) +H -H +H -H

0 4,00 0.0 to 3.20  0.341 t0 4,320  0.341 to -3.639  4.248 to 7.056 4,248 to 1.559

5 4.20 0.0t03.20  0.358 to 4,337  0.358 to -3.622  4.460 to 7.268 4,460 to 1,759
10 4,40 0.0t0 3.20  0.375to 4.354  0.375 to -3.605 4.673 to 7.480 4,673 to 1,962
15 4,60 0.0t03.20  0.392 to 4.371  0.392 to -3.588  4.885 to 7.692 4,885 to 2,167
20 4,80 0.0t03.20  0.409 to 4.388  0.409 to -3.511  5.097 to 7.904 5.097 to 2.373
25 5.00 0.0 to 3.20  0.426 to 4.405  0.426 to -3.554  5.310 to 8,115 5.310 to 2.580
30 5.20 0.0 to 3.20  0.443 to 4.422  0.443 to -3.537 5.522 to 8.327 5.522 to 2.788

Note: Applied vertical load = 4.0 kips/ft, applied horizontal load = (4.0 x C) kips/ft, and C = O to 80%.
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Figure 7. Welding stresses. T Pe

kips/in®], will be Ry = foeer X 0 X (Lipear /2) X 11 = 8.265
kips, which is sufficiently close to 8.327 kips.

5. 'The tension stresses in the top anchors (for 12-in
OC spacing and f, = 20 kips/in®) will be T =1, X A = 11.25
kips > 4.42 kips (Figure 6).

6. The bond stresses (neglecting the bottom anchors
because R, is negligible) in the top anchors (assuming
that hook develops 50 percent of allowable stress) will
be T = fions X [2(a + b) % Lygna X 2] = 1.20 Lygng, and if
Lyona = 7 in, T = 8.4 kips > 4.42 kips.

DISCUSSION OF DESIGN

This design is for maximum impact and close to maxi-
mum friction factors; however, the selection of these
factors is left to the discretion of the engineer. The
impact factor should not be less than 30 percent, but be-
canse the wheel load of 16.0 kips has been conservatively
chosen, the friction factor of 40 to 50 percent should be
more reasonable.

As shown in Figure 6 and described in Tables 1 and 2
and the preceding design analysis, it is the bearing in
the bottom anchors that controls their spacing. The
proposed standard drawing shown in Figures 2, 3, and
4 shows that the only practical bottom anchor spacing
that will prevent interference with other elements would
be 4, 6, 8, or 12 in because the spacing of the top an-
chors cannot exceed 12 in and the approximate spacing
of clamping devices should be 3.0 ft to control armor-
angle deflections before installation.

The design discussed above uses an 8-in bottom-
anchor spacing. For a 12-in spacing and I = 30 and
C = 40 percent respectively, Figure 6 gives R, = 6.92
kips required.

The bearing analysis for 12-in spacing gives R, =
5.51 kips < 6.92 kips. A similar calculation with 8-in
bottom spacing gives R, = 8.265 kips > 6.92 kips. There-
fore, 8-in bottom-anchor spacing is shown in Figures 2,
3, and 4.

Finally, the basic design requirements must include
the following considerations:

1. Armored deck joints should be continuous through-
out the full width of the deck, and termination should be
accomplished as shown in Figures 2, 3, and 4 to armor
the joints where necessary and to form the best sealed
joint possible.

2. The seal groove in the sidewalk should be armored
in the same manner as the curb and the outside ends
should be installed as shown in Figures 3 and 4, but a
stay-in-place anchor seat could be added to the curb end
at the bottom outside face of the armor shapes.

3. All the steel at the armor network except for the
parts in contact with concrete should be shop painted and
touched up in the field after removal of the armor-holding
elements. ASTM A 242 or A 588 steel is recommended
for the armor because its stable rust characteristics will
be advantageous in those areas where paint is likely to
deteriorate.

Procedure for Header Design

Failure of headers is not uncommon. The probable
causes are as follows: (a) loading, such as indicated in
armor design; (b) inadequate preparation of the backfill;
and (c) concrete approach slabs directly supported by
headers. Only one remedy can be suggested—improve-
ment of quality control in construction—for problem (b).
In view of these causes, the severity of the assumptions
made below is well justified. Also, the stresses pro-
duced on the commonly used section discussed below are
well within the practical range,

Design Loads

Many of the load conditions considered in the joint-
armor design are also applicable to bridge headers.

For design purposes, the header loading is given by the
following: wheel loads = 16.0 kips, I = 30 percent,

C =1.0, and E = 3.0 ft; thus, V = (16.0/E) (1 + 1) kips /it,
and H = (16.0/E) x C kips/it.

Analyses of Applied Loads

To determine the reinforcement sizes and spacing and
the basic header dimensions, an analysis (85 of the ap-
plied loads is necessary. This analysis (Figure 8) uses
the following additional notation:

P. = reasonable estimate of sealer load (1.0 kip /ft)
when compressed to 50 percent,
w = unit weight of concrete,
N = total vertical load (axial load),
M = moment,
p = load on reinforcement,
b’ = header width,
h = header height,
d = effective depth of flexural member,
d’’ = distance from centerline of concrete section to
tensile reinforcement,
e = eccentricity measured from tensile steel axis,
and
j = ratio of distance (jd) between resultants of com-
pressive and tensile stresses to effective depth.

The moment about plane AB, the total vertical load, and
the reinforcement design (8) are given by Equations 11,
12, and 13 and 14 respectively.

M=Vx (b/2)+(H+Pg)x h an
N=V+(wx bx h) 12)

e=(12M/N) +d” (13)



Figure 8. Header loading. v -
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where e is in inches
p =N(e - jd)/id (14)

where p is in kips per foot of width.

Although the stresses in the region of B due to moving
loads are somewhat smaller, the use of the same rein-
forcement on both sides of a header is suggested.

The headers used with joints sealed by preformed
elastomeric sealers must be designed as absolutely sta-
tionary for the sealers to function properly. There can
be no horizontal movement and no rotation of the header
because the sealer and the joint width are selected on the
basis of predictable movements; i.e., on the basis of
bridge-deck expansion only.

Because of this, approach slabs, which are supported
on one end elastically and on the other by a vertically
rigid member, present a complex problem. This is es~
pecially so if the rigid slabs have an eccentrically lo-
cated, static, vertical load and possibly a substantial
horizontal static force, as well as other dynamic reac-
tions to a horizontally flimsy header. Even a perfect
solution of the joint-sealing problem will be useless if
a header failure disallows proper functioning of the joint.
In the experimental bridges studied, the backfill was
adequately compacted, and bituminous pavement was
substituted for approach slabs.

Construction Procedure for Armored
Joints

The concept on which this method is based is that the en-
tire system (armor angles with straps and seats welded
to them and sealer properly precompressed between the
angles and the supporting elements such as clamps and
attached bolts) is assembled and then placed in the joint
before the concrete is poured. The best approach is to
have the elements of the system fully assembled, de-
livered to the construction site, and placed true to its
elevations, joint widths, and proper position in the bridge
deck. (The width of the joint between armors, adjusted
according to the design requirement, and all other per-
tinent information is shown in Figures 2, 3, and 4.) I
complete factory assembly is not feasible, the joint
should be factory preassembled to the fullest practicable
degree and the assembly completed on the construction
site. Standard lubricant should be applied on each joint-
armor face when the sealer is located in the armor. Be-
fore the assembly is lifted into place on the bridge, the
joint opening should be checked at each clamp and reset
if necessary.
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As shown in Figures 2 and 3, the deck should be
poured without a recess on only one side of the joint.
The necessary recess should be left on the abutment (or
header) side of the joint, or in a movable deck end when
the joint is between spans, with the deck (or header) re-
inforcement properly extended into the recess. The re-
cess area should be the last concrete poured.

On the side of the joint on which the deck is poured
without a recess, the armor-installation supporting
plates should be welded to the main bridge girders at the
time of installation of the joint assembly; this fixes the
assembly at its proper elevations and positions it in the
bridge deck. The anchorage straps are welded to all the
available deck reinforcement bars only after those bars
are checked for proper placement; this ensures stress-
transfer continuity into the concrete deck, which can be
poured any time thereafter.

From the initial setting of the assembly to the final
pouring of concrete into the recess, the armor support-
ing plates on the recess side must slide freely on top of
the stringers (or header recess). This allows the joint
assembly to maintain its proper joint width during con-
struction of the bridge decks. After the deck concrete
has stabilized by curing, shrinking, and camber settle-
ment (about 1 week after pouring), the recess may be
poured.

On the day when concrete is poured into the recess,
there are three steps that should be performed during
the 2 h immediately preceding the actual pour.

1. Make a final check of the joint opening at each top
clamp and adjust it if necessary.

2. Weld the anchorage straps to every available re-
inforcement bar and to the auxiliary no. 5 by 12-in sup-
port bars. This is done to ensure stress-transfer con-
tinuity and also to prevent the joint from opening before
interaction between the armor and the concrete is en-
sured. Curb and gutter areas present the greatest prob-
lem in this regard.

Because the two sides of the armored joint are fas-
tened to each other, as well as to their respective deck
spans, the importance of pouring the concrete immedi~
ately is obvious.

3. Remove the bolts from the bottom clamping de-
vices of the joint assembly.

The entire pour requires about 1 h. Immediately after
the initial set of the concrete, the top clamps of the as-
sembly should be removed, and the concrete in these
areas should be refinished if necessary. This procedure
will provide a satisfactorily sealed joint with a minimal
amount of care.

In summary, the successful construction of this type
of bridge joint has the following basic requirements:

1. The structural integrity of the armor must be
preserved; i.e., it must be fabricated and constructed
exactly in accordance with the drawings and specifi-
cations.

2. Once the joint armor is fabricated and assembled
with a sealer in place, there should be no tampering with
its integrity until completion of construction.

3. Precise placement of the armor is absolutely es-
sential; i.e., before the concrete is poured, the armor
must be located true to the bridge-deck surface. The
installation should be performed so that until the con-
crete is set, no bridge-end movements are transferred
into the joint armor.

Selection Procedure for Sealers

The procedure for the selection of sealers is an em-~
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Figure 9. A-movement for L = 0 to 180 ft.
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Figure 10. Joint-sealer efficiency chart.
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pirical method that establishes the size of sealer to be
used in a joint and determines the width at which the
joint must be constructed to ensure the effectiveness of
the sealer. The capabilities of the sealer are deter-
mined in terms of three empirical efficiency coefficients.

Each of these parameters is the ratio of the width of the
sealer at a certain level of compression to its nominal
width (W,), multiplied by 100. Z is the ratio at the max-
imum permitted compression of the sealer; Y is the de-
sired ratio at the time of sealer installation; and X is the
ratio at the minimum permitted compression of the
sealer (enough compression to prevent leakage between
sealer and joint face). In New Jersey, X cannot be
greater than 80 percent. Z should be not more than

50 percent and, therefore, Y should be approximately

60 to 65 percent.

Any bridge joint will be constructed at a width that is
preget at the factory agssemhly of the armared jnint. The
bridge temperature at the time when the joint will be-
come an integral part of the deck cannot be known, but
it is known that all subsequent bridge movements will
occur from that preset width. Therefore, the design
consists of establishing the maximum magnitude of these
movements (Figure 9) and selecting a sealer and con-
struction joint width on the basis of the values of X and Z.

The following calculation illustrates the use of Fig-
ures 9 and 10 by a solution for a composite bridge de-
sign with a span of 100 ft.

1. Assume (a) an ambient temperature range of 0 to
110° F and a construction ambient temperature range
during installation of the joint armor of 40 to 90° F (the
use of a construction air temperature range, rather than
a particular value, is the only realistic approach to ex-
isting construction practices), (b) Z = approximately 50
percent at the minimum width of joint (W) and 110° F,
(e) Y = approximately 60 percent at the installation width
of joint (Wji«) and a construction air temperature range
of 40 to 90° F, and (d) X = approximately 80 percent at
the maximum width of joint E\JN...‘,.) and 0° F.

2. For a joint installation temperature of 40° F and
a subsequent maximum bridge temperature of 110° F,



Table 3. Guide to design of sealers in composite and steel bridges.
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At 40 to 90°F

At 110°F W, +7/45 in At O°F
Limit of Wa A At At = Tolerance AAt At =
Span (ft) (in) W (in) Z 0°F (in) Y 90°F Wiy (in) X
<30 1% 0.875 to 0.715 0.58 to 0.48 0.00 to 0.16 56 0.625 0.00 to 0.20 1.00 to 1.20 0.67 to 0.80
30 to 35 1% 0.90 to 0.87 0.515 to 0.50 0.16 to 0,19 1% 0.64 0.20 to 0.24 1.39 to 1.43 0.79 to 0.82
35 to 45 2 1.00 to 0.95 0.50 to 0.47 0.19 to 0.24 1% 0.625 0.24 to 0.31 1.55 to 1.62 0.78 to 0.81
45 to 55 2% 1.26 to 1.21 0.50 to 0.48 0.24 to 0,29 1% 0.625 0.31 to 0.37 1.94 to 2.00 0.77 to 0.80
55 to 70 3 1.52 to 1,44 0.51 to 0.48 0.29 to 0.37 1% 0.625 0.37 to 0.48 2.31t0 2,42 0.77 to 0.81
70 to 95 4 2.07 to 1.94 0.52 to 0.49 0.37 to 0.50 2% 0.625 0.48 to 0.65 3.04 to 3.21 0.76 to 0.80
95 to 120 5 2.56 to 2.42 0.51 to 0.48 0.50 to 0.64 3% 0.625 0.65 to 0.82 3.84 to 4.01 0.77 to 0.80
120 to 150 6 3.05 to 2.90 0.51 to 0.48 0.64 to 0.79 3% 0.625 0.82 to 1.02 4.63 to 4.83 0.77 to 0.80
Notes: «=0.000 006 3 in/in/°F,
Controlling temperature range = 0 to 110°F and construction temperature range = 40 to 90°F (these are the actual ambient temperatures at a bridge site studied).
Z = approximately 0.50 W,,, Y = approximately 0,60 to 0,65 W,,, and X = approximately 0,80 W,,.
Table 4. Guide to design of sealers in concrete bridges.
At 40 to 90°F
At 110°F W, +Y in At O°F
Limit of Ws A At At = Tolerance AAt At =
Span (ft) (in) W, (in) zZ T0°F (in) ¥ 90°F W, (in) X
<35 1% 0.875 to 0.715 0.58 to 0.48 0.00 to 0.16 e 0.625 0.00 to 0.21 1.00 to 1,21 0.67 to 0.81
35 to 40 1%, 0.90 to 0.88 0.515 to 0.50 0.16 to 0.18 1% 0.64 0.21 to 0.24 1.40 to 1.43 0.80 to 0.82
40 to 50 2 1.01 to 0.96 0.51 to 0.48 0.18 to 0.23 1% 0.625 0.24 to 0.30 1.56 to 1.61 0.78 to 0.81
50 to 65 2% 1.27 to 1.20 0.51 to 0.48 0.23 to 0.30 1% 0.625 0.30 to 0.39 1,93 to 2,02 0.77 to 0.81
65 to 80 3 1,51 to 1.44 0.50 to 0.48 0.30 to 0.37 VA 0.625 0.39 to 0.48 2.33 to 2.43 0.78 to 0.81
80 to 110 4 2,07 to 1.93 0.52 to 0.48 0.37 to 0.51 2% 0.625 0.48 to 0.65 3.04 to 3.21 0.76 to 0.80
110 to 140 5 2,55 t0 2,41 0.51to 0.48 0.51 to 0.65 3% 0.625 0.65 to 0.83 3.84 to 4.02 0.77 to 0.80
140 to 170 6 3.04 t0 2.90 0.51 to 0.48 0.65 to 0.79 3% 0.625 0.83 to 1.01 4.64 to 4,82 0.77 to 0.80

Notes: « = 0,000 005 5 in/in/°F,

Controlling temperature range = 0 to 110°F and construction temperature range = 40 to 90°F (these are the actual ambient temperatures at a bridge site studied),
Z = approximately 0.60 W,,, Y = approximately 0,60 to 0.65 W,,, and X = approximately 0.80 W,,,

At =T70°F. From Figure 9a, if At = 70°F and L = 100 ft,
A =0.52 in. However, if the installation temperature

is 90° F, the bridge may subsequently cool to 0° F and

At = 90° F, and from Figure 9a, if At = 90° Fand L = 100
ft, A2 = 0.68 in. Although the bridge will only incur a
temperature range of 110° F, because of the wide range of
possible installation temperatures, the sealer must ac-
tually be designed for a total range of 160° F.

3. Estimate a sealer size for W, = 5.0 in, Z = 0.5W,
and X = 08Wn Figure 10 gives ijax = ijin =400 -
2.50 = 1.50 in. The preset width of the joint has a toler-
ance of +%g in, which effectively increases the required
sealer movement range at each end by “¢ in, and there-
fore, the required A = (A; + %e) + (A2 + %) = 1.82 in <
1.50 in.

4. The joint installation width would be between 3.26
(4.00 - 0.74) and 3.08 (2.50 +0.58) in, and 3% + %s in is
an appropriate choice of Wiconstr.

The preceding steps illustrate the principles underly-
ing sealer selection. Each designer can choose particu-
lar values of @, ambient air temperatures, and limits
for X and Z with which to construct tables (such as
Tables 3 and 4), from which the required sealer and
armored-joint installation widths can be easily obtained
for various bridge-deck lengths.

Considerations for Replacement of
Sealers

Replacement of sealers is ill-advised unless it is per-
formed with great care; it involves considerable expense
and inconveniences the riding public. Thus, if a sealer
needs replacement, the cause of its demise should first
be determined. But generally, if the joint is not a
proper, intact armored joint, then achieving the best

results will require the use of the armored-joint con-
struction method described above as the replacement
procedure. This could be performed by removing con-
crete at the joint to provide a sufficient recess for the
armored joint assembly and then following the normal
armored-joint construction procedure.

The replacement of a sealer in a properly constructed
armored joint could be due to failure of the sealer itself
or to the addition of an overlay on the bridge deck. In
the first case, the sidewalk concrete at the joint would
be removed and the armament spread fo facilitate the
removal of the old and the installation of the new deck
sealer. In the latter case, it would be necessary to
build up the top lateral surface of the existing deck
armament and to add higher sealer seats.
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