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Preface 

During the past several decades, an lmpressive amount of research has been 
conducted in the development of new materials and tectmology to design, con
struct, and maintain vehicular bridges. Much has been learned about these 
complex problems and should be conveyed to a user community that represents 
such varied interests as state, federal, and local governments; private trans
portation agencies; consulting engineering firms; industry; planners; scientists; 
and engineers. Much remains to be learned, and this user community should 
be involved in guiding future research programs. . 

A continuing trend toward heavier loads and increasing traffic volumes, 
combined with adverse envi.ronmental conditi.ons, has resulted in a reduction in 
the life e"Pectancy of bridges and more rapid deterioration of existing bridges. 
A comprehensive review of the national bridge inventory by the U.S. Department 
or TransportaUon concluded that approximately 40 000 bridges on the Interstate 
highway system alone are structurally deficient and functionally obsolete. Sim
ilar bridge problems are faced by railroad and transit ~encies. 

The problem is widely recognized; both federal and state approprlatlollll and 
operating agency appr-0priations are continually increasing for bridge construc
tion and maintenance. An even larger effort ·must be made if the naUon's sur
face transportation system ls to function eftlciently. Because funds are limited 
for bridge construction and for the repair, rehabilitation, and strengthening of 
existing bridges, a careful evaluation should be made of all available technology 
and needed research to ensure the optimum use of resources . 

The Bridge Engineering Conference was organized to facilitate an interchange 
of information on all aspects of design, construction, rehabilitation, and main
tenance of vehicular bridges and to have specific emphasis on problems and so
lutions of interest to highway, railroad, and transit bridge engineers, admin
istrators, and managers. The papers in Transportation Research Records 664 
and 665 constitute the proceedings of the conference held September 25-27, 
1978, at the Chase-Park Plaza Hotel, St. Louis, Missouri. These two records 
contain all of the papers prepared in advance of the conference as well as sev
eral that were not included in the program due to limitations of time and space . 

Organization and direction of the conference were the responsibilities of the 
Conference Steering Committee, whose members are listed on the reverse side 
of the Utie page of this Record. 

The Bridge Engineering Conference was partially funded by the Federal High
way Administration and Federal Railioad Administration. The following organ
izations cooperated to make the conference possible: 

COSPONSORS 
Federal Highway Administration 
Federal Railroad Administration 
PARTICIPATING AGENCIES 
American Association of State Highway and Transportation Officials 
American Railway Engineering Association 
American Road and Transportation Builders Association 
American Society of Civil Engineers 
International Association for Bridge and Structural Engineering 
Missouri Pacific Railroad Company 
Missouri State Highway Commission 
National Association of County Engineers 
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DEVELOFMENT OF A COMPUTERISED BRIDGE INVENTORY FOR A STATE ROAD AUTHORITY 

B.L. Richards, B. Tech., M.I.E. Aust., Highways Department, South Australia 

The Highways Department of South Australia is 
currently developing a computerised bridge 
inventory system which will be used by the 
Bridge Inspection Section to rationalise the 
approach to the inspection of bridges, It will 
also be used by the Planning Branch to provide 
a basis for economic comparison of alternatives 
in the replacement and strengthening of bridges, 
by the Construction Branch for the rational 
allocation of maintenance funds and to provide 
information to the National Association of 
Australian State Road Authorities (NAASRA) 
proposed data bank, One of the most important 
functions of a bridge inventory is to provide a 
complete and accurate record of each bridge on 
a highway system, Maintenance of bridges 
requires complete records in usable form 
including history of the structure, all repairs, 
widening, strengthening or reconstruction, or 
other actions which have been taken, subsequent 
to inspections. Information should be easily 
accessible and readily updated; factors which 
today are made possible by computerisation. 
However, conflicting requirements must be dealt 
with, On the one hand data handling facilities 
should be large enough to provide sufficient 
informatiJn for managing inspection, maintenance 
but flexible enough to be used for planning 
functions both at the ~egional and national 
level; yet the system developed should not 
become cumbersome and difficult to use. 

The purpose of this paper is to explain the 
experience that the ijighways Department of South 
Australia has had in relation to the design, 
implementation and operation of a bridge inventory 
system, 

With the exception of a relatively low mountain 
range, 500 kilometres long by 80 kilometres wide, 
extending through the centre of South Australia, 
most of the settled areas of the State consist of 
flat alluvial plains crossed by wide shallow creeks 
and rivers, South Australia has a low average 
rainfall and is the driest State in one of the 
driest continents in the world, making it devoid of 
extensive natural forests thus forcing early bridge 
builders to use durable but relatively expensive 
concrete, steel and masonry as raw materials. There 
is an almost total absence of timber structures; 

most of those built have long since succumbed to· 
the ravages of fire, termites or dry rot, These 
environmental conditions suited bridges of beam and 
slab design of moderate span lengths - usually less 
than 30 metres 

South Australia was founded in 1836 and, 
consequently, there are few bridges of historic 
interest. Some of the more interesting structures 
are wrought iron bridges fully imported from the 
United Kingdom and erected on site. This practice 
lasted until the early 1900's when local technical 
expertise reached a sufficiently high level for 
these types of bridges to be built using local 
resources. 

Design Loads for Bridges 

Although State Road Authorities were formed in 
each of the Australian Statea during the late 1920 1 s 
no comprehensive bridge design standard or codes 
were used in Australia until 1947. (1) Until that 
time design loads varied considerably-between the 
States and were generally comparable to the HS10 to 
about HS15. However, since 1947 all Australian 
Stat2s adopted the HS20 loading or heavier, the 
latter being restricted to particular routes. 
Increased pressure from the Transport Industry to 
raise both legal weight limits and those allowed 
under permit led to a more substantial rteaign 
loading being adopted in 1977, (2) This loading 
retains the concept of the AASHTO-type vehicle but 
is approximately 33 percent heavier, Therefore, a 
situation exists where the design loading for 
bridges generally decreases with increasing age. 
In South Australia approximately 6af,, of bridges 
have design loadings less than HS20 standard, 

Requirements of a Bridge Inventory System 

Bridges represent a sizeable capital outlay 
requiring regular and rational inspections to 
preserve the initial investment. The main purpose 
of a bridge inventory is to catalogue all the 
information gathered from inspections and other 
sources so that it may be used for:-

• Setting priorities for the m~intenance of 
bridges, 

• Setting priorities for the strengthening or 
replacement of bridges. 

• Planning for a rational bridge inspecticn 
p~ogramme, 

1 
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• Route selection for vehicles carrying abnormal 
loads. 

, National data banks for planning purposes on a 
national scale, 

Records must be in uaable form and should 
include information on the history of the structure, 
all repairs, widening, strengtheninJ or other 
actions which have been taken subsequent to inspect
ions, Information should be readily accessible and 
capable of eaey updating. 

However, the problem of conflicting require~ents 
must be solved, On the one hand the data stored 
must be comprehensive en~ugh to provide information 
for the rtecision making process on engineering, 
economic and planning aspects, but flexible enough 
to meet changing conditions and requirements, yet 
the system used should not be cumbersome and 
difficult to use. 

Several systems have been used for the 
collection, storage and retrieval of bridge 
inventory data ranging from relatively simple card 
systems used in earlier times to extensive computer
ised data banks made possible by modern technology. 
A perusal of systems used by numerous authorities 
reveal that in many cases a considerable effort is 
expended to collect very detailed information about 
each bridge in a region, presumably because 
electronic data processing f~cilities have made it 
possible to store and process such information. 
(~ This leads to a large data bank which 
contains much irrelevant information, is difficult 
to manipulate and it is hard to see how such 
information can be used. An analogous situation is 
the spare room or attic where items that "may come 
in.handy one day" are kept. The philosophy adopted 
wa1 to begin with a simple system and aim for an 
inventory file which would be sufficiently flexible 
to allow for the later integration of artditional 
information to meet new needs which may arise, 

Development of the Bridge Inventory System 

Bridges in this State were inspected only 
spasmodically, usually resulting from reports of 
signs of distress, until 1972 when Departmental 
policy was formulated requiring the regular 
inspection of all bridges within ite jurisdiction. 
A small team of professional engineers and 
technicians was formed to undertake this task, 

The road network in the State is maintained on 
a two tier system, The main arterial network is 
administered by the Highways Department through 
District Offices. All other roads are maintained 
by local government authorities (County Councils) 
and financed partly from local taxes and subsidised 
from Government grants through the Highways 
Departcent. The first priority was to register all 
bridges maintained by the Department. 

Initially, a manual reporting system was used 
but the files generated were soon found to occupy a 
large amount of space, were awkward to access and 
difficult to retrieve information from, particularly 
in regard to the planning functions and re-inspect
ion schedules. During this period computer 
facilities were expanded, more sophisticated 
software became available and the advantages of 
computerising inspection records became more 
apparent. A Cyber 73 computer with online 
facilities including visual display units had 
become available to the Department in 1973 and a 
decision was made to use these facilities for 
compilation of the bridge inventory system. 

Development of a computerised Bridge Inventory 
began late in 1976 and was initially aimed at 
converting and updating about 1200 records of 
maintained bridges filed in the manual recording 

system, A relatively simple computerised catalogue 
system, based on files of punched cards, with three 
80 column cards storing the data was used, Using 
software packages only the system was used to 
manipulate basic data (mainly concerning bridge 
identification, location, dimensions, load rating 
and other administrative data), Development of the 
system was gradual and generally proceeded from 
this simple system to a stage where, fro~ the 
knowledge and experience gained, objectives became 
more clearly defined and a consolidation of previous 
work became necessary. During this phase a great 
deal of consideration was given to deciding on the 
amount and type of information which should be 
retained in the inventory, keeping in mind its 
source, form and the use to which it was likely to 
be put, together with the most suitable system to 
maintain it within the constraints of the available 
computer facilities, 

Description of the System 

A Control Data Corporation (CDC) data base 
management system (DMS-170) was available and 
judged to be appropriate for the implementation of 
a Bridge Inventory, This system maintains the 
inventory on mass storage devices which may be 
accessed either by DMS-170 software or by 
application programs prepared by or for the user, 
or a Data Base Administrator who is responsible for 
preparing and managi~g the data base. Briefly, the 
system is a software package based on the concept 
of a centrally controlled data base, independent of 
the applications accessing it. Inherent to the 
system are the means to:-

• Create a coUUTion-user data base in which files 
can be used jointly or joined in relationships, 

, Provide and maintain a variety of data on 
structures for specific users. 

• Control, monitor and interpret requests from 
application programs to access one file or several 
related files at a time. 

The system is being used to form an interelated 
data bank for the whole Department of which the 
Bridge Inventory forms one segment. 

Records relating to bridge structures and 
retained on computer files consist of:-

• Bridge Inventory File detailing the location, 
principal dimensions, material and rating of each 
structure. 

• Inspection Ratings File storing the rating of 
each structural element, This file also includes 
in code form necessary repairs or other required 
action, posting of load limits and target dates for 
remedial action and reinspection. 

• Comments File storing comments qualifying the 
ratings, other general comments and recommendations. 

The Inspection Rating and Comments Files 
contain data from all inspectionB of each bridge 
thus providing a complete historical inspection 
record, Other files required for operating the 
system are:-

• Dictionary File containing information common 
to other files e.g. titles of main roads, map 
names, district areas, report headings, etc. 

• Description File containing information 
peculiar to particular bridges, e.g. river names, 
local bridge titles. 

• Enquiry Program File storing each application 
program for future use. 
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Figure 1. Schematic diagram of the Bridge Inventory System 
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The system has inbuilt protection to prevent 
inadvertant corruption of existing files but for 
correction of data the Data Base Housekeeping 
routine, with its own validation procedures is used. 
Although the Bridge Inventory system will ultimately 
be a complete Data Base it is being developed on 
traditional lines using batch processing to 
facilitate the transition, from the user's view
point, from the existing system to the new. The 
interaction between the various files and 
relationship between the input of data and gener
ation of reports is schematically shown in Figure 1. 

Information concerning existing bridges can be 
broadly divided into two areas:-

1. Information obtained from original plans, 
design calculations and other records. 

2, Information gained from detailed inspections 
of structures. 

Standard coding sheets have been designed and 
consist of two types vi~., a Bridge Inventory sheet 
and Field Inspec~ion sheets, which are shown in 
Figures 2 to 4. The Bridge Inventory file includes 
information describing the structure in terms of 
location, reference number, principal dimensions 
and other administrative data. The Field 
Inspection sheets have been specifically designed 
for use by experienced engineers familiar with 
bridge design and likely problem areas. All sheets 
have been designed so that each inspection is 
carried out thoroughly and is supported by careful 
observation and appropriate comments without 
resorting to copious field notes, These comments 
are linked with the rating of each element of the 
bridge and recorded for every inspection carried 
out. The rating is the subjective evaluation by 
the engineer of the condition of the particular 
structural element and is given a value between 1 
and 5 (chosen as being a practical range without 
attempting to be too definitive). The Field 
Inspection report is finalised by completion of the 
Recolll!llendation Sheet where each recommendation will 
be coded for follow-up and costed in man-days work 
at the site and an estimated cost where warranted. 
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On completion of a bridge inspection a 
standardised computer output report is forwarded to 
the relevant District ~ngineer who is responsible 
for the construction and maintenance of Department
ally maintained roads and bridges in that District. 
Format of the computer print-out is:-

Fixed Data: 
Location of structure; type, dimensions, 

material. 

Inspection Report: 
Ratings and comments from inspection, Live Load 

capacity rating. 

Reconunendations: 
Load Limit; Monitoring required by District 

Staff; Repairs required - Desirable (within 3 
years), Necessary (within 1 year), Urgent (within 
3 months). 

It is envisaged that the standard report will 
be sufficient for the majority of bridges 
inspected. However, in special circumstances, the 
report would be supported by plans for remedial 
work or a more detailed report. 

In the near future it is intended to extend the 
reporting of the field inspection reports to 
include a "Repairs Action Report" which will be 
compiled by the District Staff, returned to the 
Bridge Inspection Group, coded and included in the 
computer file for future reference and easy 
retrieval. The inspection report outlined above is 
intended to maximise the efforts of all concerned 
in the process, in so far as record keeping and 
information processing is concerned. 

Data: Too Much or Not Enough.? 

Careful consideration was given to deciding on 
the level of information to be retained. The prime 
objective being to store only that data which was 
likely to be used. For instance, the volume of 
traffic using particular structure~ may be useful 
in certain circumstances, but in this State where 
traffic volumes are relatively low it is not an 
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Figure 2. Bridge Inventory Coding Sheet 
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important faotot and, therefore, not included in 
the Bridge Inventory. Omitted for similar reasons 
are reports or rati1l89 of the minor non-structural 
elements of a brid&e, e.g. kerbs, median strips , 
lighting stand.arda, etc. which tend to clutter 
inventory records. Ir, on inspection, these 
elements are round to be requiring attention they 
are referred to in the general Comments File. More 
important are the m.ajor structural elements viz. 
Deck, beams, bearings, expansion joints, abutments 
and piers i noluding foundations where accessible. 

One of the most important pieces of information , 
if not the moet important retained in a bridge 
inventory is the load rating of a structure 
assessed after a thorough inspection. The load 
rating is usually expressed as the ratio of the live 
load capacity of the bridge to a standard loading, 
usually tile design loading currently used , In this 
way the load rating of a e tructure is a convenient 
measure of the overall condition of a structure and 
forms the basis or setting priorities for a bridge 
replacement or strengthening program. 

One serious drawback to bridges rated in this 
manner is that it does not accurately express the 
over-load capaoity or structures, Most of the 
existing bridges have been designed on the allowable 
stress philosophy which result in varying actual 
fac tors of safety (i.e. safety factors related to 
live load only) for different bridge elements, (5) 
This actual factor of safety for the various bridge 
elements usually becomes larger as the ratio of dead 
load to 11 ve load increases. The-re fore, bridge 
elements designed on the basis of allowable stresses 
with high dead load percentages have greater reserve 
capacities for carrying abnormal heavy vehicl es 
than those where the dead load percentage is small, 
In the system under development the s tresses induced 
by the dead and live loads are recorded so tha~ the 
real capacity of each bridc;e to carry heavy vehicles 
travelling under permit, can be assessed. Since the 
majority of structures in South .'.ustralia have sub
sta.ntial sub-structures with high dead lo:i -;! to live 
load ~atios, ~he load rating is c~nfined to the deck 
slab and/or beams, Massive deterioration of the 
s•.11:!-structurt. would be required to si.gnificR.ntly 
affect the capacity of t he structure or overall load 
:-a ting. 

Almost as significant as the rating , for ~et ting 
priori ties for bridge replace::ient, are the width of 
structures and the adequacy of the approach roads 
for ali~ent, delineat i on and sight distance . With 
increased traffi ~ speeds the width between kerbs for 
bridges has progressively wide~ed so that some of 
the bridges built comparatively recentl y are now 
virtually sub-standard and considered to be relat
ively hazardous to traffic. Policy decisions have 
been made for a long term replacement program for 
~ridges below certain acceptable widths depending on 
the road claaeificati on. Road approaches a re an 
integral part of a bridge and its condition from a 
road safety aspect is subjectively assessed and 
recorded and used for determining priorities in a 
similar way as for width of structures. 

Current and Future Developments 

Using a computerised data bank of the type 
described, information can easily be re- grouped 
logically and gl obally as a function of the needs 
of the Department llilich range from data required for 
statistical purposes , as for example in the grouping 
of common problems , cost of common repairs, inspect
ion costs to those providing i nformation required to 
make decisions on relative priorities for bridge 
strengthening, widening or replacement. 

The Bridge Inventory is used by the Bridge 
Inspection Team for planning a rational 1napec·t1on 
program. South Australia covers an rea or 9SO 000 
square kilometres and although over half of thia 
area if of little economic or topographical signif
icance, a large area remains to be covered by a 
cen trally located inspection team . A large propor
tion of the t eam's time is occupied in t ravelling 
and, therefore , a pro~erly planned itinerai:y for 
inspecting bridges grouped according to their 
location and priority is of paramount importance. 

The Bridge Inventory system adopted and des
cribed in this paper has been developed with flex
ibility in mind . It permits e.xteosion to and 
changes to be made to the type or i nformation 
stored without affecting the usefulness of 
previously created files. It can also be used by 
other sections of the Department for their own 
particular needs by simple extension of recorded 
infoi:ination. 

Future development of the system will be in the 
areas of deviaing .methods of optimising heavy load 
routes, and in combining programs with the digital 
mapping services for the automatic plotting of 
bridge locations and selected strategic rolltes. 
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THE NEW MEXICO BRIDGE INSPECTION PROGRAM 

Kenneth White and John Minor, New Mexico State University 

The New Mexico bridge inspection program is 
reviewed for its uniqueness as well as the use 
of the resulting data. Annual training sessions 
and field work with college professors has kept 
the program viable and continuing. Close cooper
ation with the Civil Engineering Department, New 
Mexico State University, has led to utilization 
of bridge capacity data developed within the 
program into a statewide overload routing and 
permit system. The system takes an overload 
wheel configuration and load distribution and 
computes an equivalent HS loading which is com
pared to the capacity of each bridge along a 
given route. 

Congress in the 1968 Federal Highway Act called 
for national bridge inspections. National standards 
based generally upon the contents of the "Manual of 
Maintenance Inspection of Bridges 1970" W were 
issued in 1971 (1). 

This paper d;scribes how New Mexico not only 
established a viable bridge inspection program 
meeting all Federal requirements but utilizes the 
accumulated data in routine checks resulting from 
requests for permits for overweight vehicles. New 
Mexico has 3,000 bridges on the federal-aid highway 
system, with about 2,000 over geographical barriers 
and the remainder being over highways and railroads . 
All of these bridges had received their initial 
inspection and inventory by July of 1973. 

History of the Inspection Program 

The New Mexico State Highway Department ini
tially established its bridge inspection program in 
November 1970. Bridge inspection crews were select
ed in each of the five districts. The Assistant 
District Highway Engineer of Maintenance, under the 
general direction of the District Engineer, was 
placed in direct charge of the district bridge 
inspection crews and made responsible for the prompt 
and proper reporting of information gathered. The 
District Bridge Inspection Crews were directed to 
make the required inspections and to place the 
information in reports so that it could be checked 
and forwarded to the general office. Consultation 
and general guidance was available to the districts 
on all technical data regarding the inspections 

from the Bridge Maintenance Engineer and the Bridge 
Engineer in the general office. 

It was realized early that such a bridge inspec
tion program would be only as good as its field 
inspectors - i.e. the District Bridge Inspection 
Crew. Although it would have been desirable to 
place an experienced professional engineer in each 
field crew and staff the crews with experienced 
bridge inspectors, this was not possible. However, 
a registered engineer was placed in charge of each 
crew. 

In order to have trained, qualified inspectors 
for the program, the "New Mexico State Highway 
Department in conjunction with the Federal Highway 
Administration, conducted a three week training 
program in January 1971. In the program the need 
for the importance of bridge inspection was empha
sized along with inspection techniques and proper 
use of newly printed forms. It was decided that as 
much of the capacity ratings and computer coding as 
possible would be done at the district level. Since 
most bridges in New Mexico are of relatively simple 
design, much of the load computation could be 
accomplished at the district level with guidelines 
furnished from the general off ice. 

A booklet, "New Mexico Bridge Inspection and 
Evaluation Guide," Cl.) was published by the 
Maintenance Division which covered all aspects of 
the Program. This booklet plus the AASHO "Manual 
for 11aintenance I nspection of Bridges, 1970" and 
the FHWA "Bridge Inspectors Training Manual, 1970" 
(!!.) provided written guidance for the inspection 
teams. Guidance for coding data was provided by 
"Bridge Maintenance Inventory System" (.2.) published 
by the Engineering Computer Unit of the general 
office. 

Implementation of Present Program 

Due to the turnover of personnel and the 
introduction of new techniques and requirements, 
plus a better understanding of the scope of the 
project, additional training at periodic intervals 
was considered necessary. A staff member of the 
Civil Engineering Department of New Mexico State 
University was employed at the time with the New 
Mexico State Highway Department. Upon discussion 
of the problem, it was felt that the Department of 
Civil Engineering, with assistance from the 
experienced general office state highway department 
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personnel, was well qualified to do the additional 
training. The University had the necessary 
facilities in tel'111S of classrooms, training aids, 
and laboratory space for the efficient and economi
cal instruction of bridge inspectors. The faculty 
was uniquely qualified to instruct the trainees 
because they were experienced professional engineers 
as well as professionals in the instruction of 
students. 

In January 1972 a bridge inspection short course 
was initiated at New Mexico State University spon
sored jointly by NMSU and the New Mexico State High
way Department. Instructors included staff members 
from both NMSU and NMSHD. The Federal Highway 
Administration also furnished assistance. Partici
pants in the course included the highway department 
bridge crews, the assistant district engineers of 
maintenance, representatives from the general office 
and, as guests of the highway department, several 
members of the Bureau of Indian Affairs. In all, 
thirty-two people attended the two week course and 
received certificates of completion of the course. 
The course was based on the "Training Manual for 
Bridge Inspectors, 1970;" however, only sections 
pertinent to New Mexico were covered. 

The first week curriculum was primarily basic 
mechanics such as strength of materials and statics, 
nomenclature, and laboratory demonstrations. 
Laboratory demonstrations included the destructive 
testing of materials and some structural elements. 
Also included were demonstrations of the proper use 
of equipment such as torque wrenches and the 
corrosion detector. 

The second week leaned more toward application 
of techniques which included the proper description 
of bridges and defects. Field trips were conducted 
to various types of bridges common to New Mexico. 
The local bridges had sufficient defects to promote 
many lively discussions about how to best describe 
and assign a rating. The question of load reduction 
and posting was also extensively discussed. A 
complete inspection was conducted of a bridge with 
known defects. Color slides of the bridges and 
defects were available for the post field trip 
discussions. In all, much information was gained 
and exchanged during and after the trips--thus 
complementing the classroom instruction. 

Although the school was well received, it was 
apparent that much improvement could be accomplished 
in several areas for future short courses. Areas of 
improvement included the following. First, 
additional visual aids could be related directly to 
New Mexico's needs. For instance, the attention of 
the trainees could have been greater with dtscu~ston 
of a particular structure native to New Mexico. 
Secondly, the instructors felt a need to be better 
acquainted with the New Mexico inspection techniques 
and problems. These improvements could be accom
plished only by working closely with the inspection 
teams in the field and with the general off ice in 
Santa Fe. 

Consequently, an annual training school for 
bridge inspectors was proposed with the recommenda
tion that two instructors from the university work 
with the Highway Department and its inspectors for 
the summer. The Highway Department and the Univer
sity agreed on an annual program plus a summer 
background study for the program. The background 
study called for a research team consisting of two 
staff members of NMSU to spend seven weeks in the 
field with the inspectors, one week in the general 
office and two weeks for course preparation. 

The research team divided the seven week period 
with the various NMSHD districts. During this time 
various phases of the program were reviewed with the 
bridge inspection crews. Filing systems and data 

storage techniques were checked. Field inspections 
with crews were undertaken. Field reports were 
taken, placed into final form, and coded for the 
data bank at the general office. Special inspection 
equipment such as the snooper, torque wrench, and 
corrosion detector were utilized during the 
inspections. 

Many color slides for later use in the short 
course were taken. These pictures included all 
phases of inspection including proper use of safety 
cones, utilization of flagmen, and proper use of 
equipment. All types of bridges were photographed 
including many unique and unusual bridges. Close 
up, detailed photographs were made of both the usual 
and the unusual defects. Common type of defects 
included salt deterioration of concrete, hazardous 
approaches, outdated bridge railing and inadequate 
deck geometry. 

A general survey of "interesting" bridges gave 
the research inspectors much insight into the prob
lems of a bridge and how to inspect it. A rapport 
was established with all of the inspection crews 
which helped immeasurably in training and updating. 

Particular subjects and ideas suggested by the 
inspectors were put into the course. A more 
detailed explanation of the appraisal and condition 
rating evaluation was requested. Careful review was 
necessary to establish exactly what was meant by 
such things as minimum tolerable condition or 
present minimum criteria. How to incorporate 
certain defects into capacity ratings was a coDDDon 
question. In New Mexico capacity ratings were 
initially computed by the actual inspector, if at 
all possible, and reviewed by the district office 
and the general office. 

A week in the general off ice was of great bene
fit to the NMSU group. Coordination in establishing 
guidelines with the FHWA was discussed. Much of 
the criteria for ratings was clarified. Coordi
nation with other sections, particularly the roles 
of the bridge design and engineering computer 
section were discussed and evaluated. 

An overall understanding was developed by the 
NMSU team in how bridge inspection data was 
collected, where it went and for what purpose . The 
fact that actual field operation is only an initial 
step in bridge inspection was made evident. 
Reports, computer code fonns, filing and capacity 
ratings take an appreciable amount of time and 
effort. This understanding helped immensely with 
course preparation and evaluation for the annual 
training program. 

New Mexico now has a viable and continuing 
program for bridge inspection. The inventory has 
been completed for several years and a process has 
been established for reinspection of bridges as 
required. Also, a continuing training program for 
inspectors has been established. 

Uniqueness of the New llexico Prog"ram 

The fact that NMSHD and NMSU have put together 
a cooperative annual training program is probably 
not unique. However, the manner in which the 
course directors from the university involved them
selves with the program probably is unique. These 
professors not only worked with the field inspec
tors in establishing a training program, but have 
continued to assist in various ways. The Rio 
Grande Gorge bridge, a 366m (1200 ft) deck truss 
with a 183m (600 ft) main span and 200m (650 ft) 
clearance, has been inspected three times since the 
New Hexico bridge inspection program began. Each 
time the NMSU professors were two of the members of 
the inspection crew. Techniques and procedures 
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were developed which were unique to this size and 
type structure. A similar case involves the 122m 
(400 ft) steel arch at Los Alamos. In both situa
tions the college professors worked hand in hand 
with the field crews providing training and 
experience for both groups. A continuing rapport 
has been established. 

These professors have also worked in the NMSHD 
bridge design section in evaluating capacities of 
existing bridges. This opportunity gave not only 
insight to evaluating defects as reported from the 
field but also a working knowledge of establishing 
inventory and operating capacity ratings. 

This unusual position of the engineering 
professors of not only observing but also partici
pating in inspection, capacity evaluation, and data 
recording has yielded some unique benefits to the 
NMSHD. Among these benefits was the coupling of the 
data on bridge capacities from the inspection to the 
reoccurring problem of overweight or "permit" 
vehicles. This coupling which is discussed in some 
detail below has made the New Mexico bridge 
inspection program unique. In addition this data 
base provided by the bridge inspection program is 
utilized to establish posted capacity limits. Height 
and width restrictions are also evaluated along any 
particular'route with this data. 

Coupling Bridge Inspection and Overload Pel:mits 

In New Mexico a permit is necessary if, among 
other criteria such as length and width, the gross 
weight of any vehicle exceeds 384kN (86,400 lbs). 
Any truck requiring a permit because of gross weight 
is referred to the New Mexico State Highway Depart
ment far evaluation of the effects on the highway 
and bridge structures. Permits far overweight 
vehicles have been requested for vehicles with gross 
weights over 3.56MN (800,000 lbs). Unexpected 
requests to check the adequacy of structures for a 
particular route for an overweight truck with odd 
axle spacing were becoming more and more numerous. 
Previously these requests required engineers to be 
removed from their normal duties to pinpoint 
potential problem bridges and reanalyze them for the 
particular overload vehicle. The procedure was not 
only time consuming with valuable engineering man 
hours, but the potential far serious error existed. 

First, it was possible that a potentially danger
ous structure could be overlooked. Second, there 
was a chance for error in a rush analysis. Also, 
the data available in the bridge section did not 
always reflect the current condition of a bridge. 
The problem seemed to be becoming worse as more 
heavy industry was being located in areas where no 
railhead existed. 

To alleviate the problem the New Mexico State 
Highway Department considered a more automated 
method of operation. Two facts stood out. First, 
a computerized technique of locating bridges along 
a proposed route as well as performing a structural 
analysis of the bridges would certainly speed up 
the operation and allow the bridge engineer to make 
a decision on each new overload configuration. 
Second, the latest information concerning any 
modifications and structural conditions of all 
bridges within the State was already available 
through the bridge maintenance inspection program. 

The inventory and operating ratings, as well as 
other pertinent data such as bridge type and 
location, were stored on magnetic tape (1). Since 
the Civil Engineering Department, New Mexico State 
University, had helped in creating the data by 
assisting in the training of the inspectors and in 
some cases actually inspecting bridges and 

calculating the load ratings, they were not only 
aware of the data tapes but also the quantity and 
quality of the data. Computer programs to check 
capacities of bridges had been proposed by 
consultants and agencies but no one before had 
proposed utilizing directly the data accumulated by 
the bridge maintenance program. 
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In a cooperative agreement the Civil Engineering 
Department, New Mexico State University, was charged 
with developing a computer system that would meet 
the criteria of the NMSHD to streamline the opera
tion and use the bridge maintenance inspection 
information already collected and stored on magnetic 
tapes. This data bank included the results of a 
complete analysis of every bridge in New Mexico. 
The load capacity rating was recorded as a HS 
loading for both the inventory and operating rating. 

A new analysis of each structure along each 
route was rejected as impractical. First, too much 
input data for each structure would be required to 
perform such an analysis. Second, this detailed 
structural data was not available from the bridge 
inspection inventory system. Also, large quantities 
of computer time would be required to check out a 
proposed route, and finally, a detailed analysis 
would be repetitious. Each bridge was already 
analyzed and given a safe load capacity rating as a 
part of the bridge inspection program and this 
rating was stored as a part of the bridge inspection 
inventory data. With this in mind, the following 
approach was used to develop 0VL0AD, a computer 
program to automatically check bridge structure 
capacity with a given overweight vehicle. 

Method nf Equivalent Loading 

For several years the New Mexico State Highway 
Department has been determining the overload 
capacity of bridges by comparing the moments used 
by the overloading vehicle to the designed moments 
produced by the standard AASHTO truck. Therefore, 
the operating capacity of bridges was designated 
the standard HS truck configuration which produced 
the over-stresses permitte4 in the Manual for 
Maintenance Inspection of Bridges published by the 
American Association of State Highway Officials. Cl) 

Within 0VL0AD a method of equivalent loads is 
established which simulates the actual overload 
truck passing over each and every bridge on the 
proposed route. The overload truck is converted 
into an equivalent HS truck for each particular 
bridge based on maximum bending moments or other 
criteria. This equivalent HS truck is then compared 
with either the operating rating or inventory 
rating as stored within the computer. Any time the 
equivalent HS load exceeds the stored value, the 
computer program automatically prints out the 
bridge number, location, equivalent load capacity 
required, and the rated safe load capacity. This 
printout is available for evaluation by the bridge 
engineer. The engineer may, at his option, 
prohibit the overload, reroute the overload, or do 
a more detailed analysis of the particular bridge 
or bridges. 

Uescription of Pcogram 

The program, 0VL0AD, consists of the main 
program and three subroutines. The main program 
receives input data, reads stored data on bridges, 
determines whether or not a bridge is on the 
requested route, makes a comparison between safe 
load capacity and the required capacity, and prints 
information on inadequate bridges. The subroutines 
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compute the required capacity for a given overload 
vehicle on each particular bridge. A simplified 
flow chart of the program is shown in Figure l. 

The process 11 initiated by the input of the 
route number1 and Department of Defense, DOD, 
section nUllbera o'll'9r which the proposed overloaded 
truck is to take. 111• azle spacings and axle loads 
of the truck are inputted for use in the computation 
of an equivalent HS tl'Uck. Finally, whether the 
comparison will be with inventory rating or operat
ing rating is entered. 

All bridge data are stored in numerical order by 
bridge number on a magnetic tape or disk. All data 
for a particular bridge are read and evaluated and 
any bridges not on the route are rejected before any 
equivalent load computations are made. If the 
bridge is on the desired route and within the 
desired DOD sections, the structure is classified 
into one of four types and an equivalent loading 
determined. 

The structures in New Mexico can be divided into 
four general categories: Simple span bridges, 
continuoua span bridges, trues type bridges, and 
concrete box culverts. Although other types of 
bridges exist, such as rigid fr8111e structures, each 
can be classified into one of the above categories 
for deteriidnetion of the equivalent HS truck rating 
of an overweight vehicle. 

For structures classified as simple span bridges, 
the subroutine SIMSP is called. The SIMSP sub
routine utilizes the span lengths of the bridge to 
be checked and the axle spacing and axle loads of 
the overloaded vehicle. The first axle of the 
vehicle is placed at mid span of the first span and 
the criticial bending moments are determined by a 
standard matrix method of structural analysis. This 
moment is retained for later comparison. The next 
axle is moved to mid span and a new bending moment 
is calculated. The bending moment is compared to 
the previous bending moment and the larger value is 
retained. This procedure is continued until bending 
moments for all positions of the vehicle have been 
compared. The bending moments produced by a 
standard HS 20 truck is computed in a similar manner 
for the same spRn. An equivalent HS rating is 
assigned to the overloaded truck by the ratio of 
bending moments produced by the two trucks times 
twenty. This equivalent HS value is stored for 
later comparison. The overloaded vehicle is then 
moved to the next span. The entire procedure is 
repeated for this span. The new equivalent HS 
rating is compared to the old rating and the larger 
value retained. This procedure is continued until 
all spans have been checked. The largest equivalent 
HS rating is then returned to the main program for 
comparison with either the operating or inventory 
rating as requested. 

-For structures clasaified as continuous span 
bridges, the subroutine C0NTU is called. The C0NTU 
subroutine has a general procedure similar to that 
of SIMSP. The computation of bending moments by 
matrix methods is made on the basis of a continuous 
prismatic structure with actual span lengths. Both 
positive and negative bending moments are determined. 
The maximum values for each span is saved and the 
equivalent HS ratings are returned to the main 
program. 

Structures classified as trusses are subjected 
to the computations of the subroutine TRBM. The 
subroutine TRBM proceeds in a manner similar to 
SIMSP except that three equivalent HS ratings are 
computed. These three equivalent HS ratings are 
necessary because the data bank does not indicate 
in what manner an excess load would cause the trues 
to fail. The overload vehicle is moved across the 

truss and the maximum equivalent HS ratings are 
computed based on stringP.r moments, floor beam 
reactions, and span length moments. All three HS 
ratings are returned to che main program and if any 
exceed the safe capacity, the bridge is considered 
inadequate. 

Once a structure has been classified and the 
equivalent HS rating has been assigned for the over
load vehicle by one of the three subroutines, the 
equivalent HS rating is compared to the safe loading 
capacity that has been previously determined for 
that structure by a complete analysis. If the 
equivalent HS rating is less than the safe load 
capacity assigned the bridge, the program goes to 
the next bridge. If the equivalent HS rating is 
greater than the stored operating capacity, the 
bridge is considered inadequate and pertinent 
information about the bridge is printed. The infor
mation gives the user a quick identification of the 
critical bridges, possible need for reanalysis or 
whether detours might be necessary and available. 
Thie procedure is repeated until every bridge on 
the designated route has been checked and every 
inadequate bridge listed. 

Output lnf ormation 

Figure 2 is a typical output which lists all 
inadequate bridges on the route. Each bridge 
number, route, and DOD section is listed. This 
information is followed by the type of bridge, a 
description of the location of the bridge, the 
critical span length, the equivalent HS load 
capacity required and the rated HS load capacity. 
The equivalent load is divided by the rated operat
ing load to give a ratio to assist in evaluating 
the bridge. Trusses have three equivalent HS truck 
printouts. The first indicates an equivalent truck 
based on floorbeam reaction loadings, the second 
indicates the stringer moments and the third 
indicates an equivalent truck based on overall 
moment. 

This output pinpoints all potentially critical 
bridges and prints a comparison uf the capacity 
based on allowable criteria set by AASHTO (4) aa 
analyzed in the bridge inspection program and the 
equivalent capacity computed by the program. These 
critical bridges, capacities, and required 
equivalent capacities are reviewed by an engineer 
before any decision is made on the issuance of a 
permit. 

In some cases a requirement for adjustment of 
axles or axle spacing, restrictions on speed, or 
re-evaluation of bridge capacity is all that is 
required to approve a permit. In other cases the 
vehicle may not be allowed to use one or more 
structures and the construction of a detour may be 
necessary. In all cases the engineer has the 
confidence that all bridges on a route have been 
considered and critical bridges with essential data 
have been referred to him. 

Present Operation 

The program 0VL0AD has the capability to pick 
out all bridges which do not meet the equivalent 
load criteria along a proposed route and print the 
pertinent data within minutes. In New Mexico an 
engineering technician inputs the necessary informa
tion via a remote terminal and the results are 
available within minutes. If the proposed route is 
inadequate, an engineer can either choose an alter
nate route which can be checked by the same system 
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OUTPUT DATA 

THE BRIDGE OVERLOAD PROG!W! DEVELOPED BY 
WHITE-MINOR, NMSU 1973-74 AND SPONSORED BY THE NEW MEXICO STATE 
HIGHWAY DEPT . LATEST UPDATE AUGUST, 1977. 
ROUTE DIRECTION CODE EXPLAINED IN NMSHD BRIDGE INSPECTION MANUAL, 
NOTE: THE FOLLOWING IS COMPARED WITH OPERATING RATING 

BRIDGE N0.1744 ROUTE NO. 44 DOD SECT NO. 430 ROUTE DIRECTION 1 
DOD MILEPOINT IS 21.15 
TIMBER SIHPLE SPAN BRIDGE 
21.UIM W OF JCT SR126&44 
SPAN LENGTHS 25.00 
EQ HS •102.0 RATED HS • 19.0 RATIO •5.4 

BRIDGE NO. 1780 ROUTE NO. 44 DOD SECT NO. 425 ROUTE DIRECTION 1 
DOD MILEPOINT IS .23 
STEEL CONTINUOUS BRIDGE 
STRINGER TYPE 
0.4ME OF' US 85, BERNALILLO 
SPAN LENGTHS 28.00 42.00 28.00 
POS HS • 99.5 RATED HS • 30.0 RATIO • 3.3 

BRIDGE NO. 3107 ROUTE NO. 44 DOD SECT NO. 425 ROUTE DIRECTION 0 
DOD MILEPOINT IS 18.10 
17.7 M NW JCT I-25 & SR 44 
SPAN LENGTHS 10.00 
CONCRETE BOX CULVERT RATED CAPACITY = 23.0 

BRIDGE NO. 6946 ROUTE NO. 44 DOD SECTION NO. 425 ROUTE DIRECTION 1 
DOD I1ILEPOINT IS 9. 08 
PRESTRESSED CONCRETE SIMPLE SPAN BRIDGE 
8.7 M NWEST JCT I-25 & SR 44 
SPAN LENGTHS 51.00 
EQU HS = 101.8 RATED HS • 45.0 RATIO = 2.3 

BRIDGE NO. 1521 ROUTE NO. 90 DOD SECT NO. 999 ROUTE DIRECTION 1 
DOD HILEPOINT IS 0 
92.3 MI NE OF US70/SR90 
TRUSS LENGTH= 100.00 SPAN LENGTHS= 17.00 

ARTICLE 14.10.8 

EQ DECK HS • 31. 3 EQ FLBM HS • 32. 2 EQ TRUSS HS • 38 . 5 RATED HS = 22. 0 
RATI0-1 = 1.4 RATI0-2 • 1.5 RATI0-3 = 1.7 

57 BRIDGES HAVE BEEN CHECKED 

Figure 2. SAflPLE OUTPUT FROM 0VL0AD 



or take a detailed look at the inadequate struc
tures. 

Although the analytical procedures used are 
relatively simple and contain approximations such 
as assuming prismatic members and no lateral 
distribution of load, these simplifications and 
assumptions were essential to the successful mating 
of 0VL0AD to the bridge inspection program data. 
This was accomplished only through thorough under
standing of the field operation, data collection, 
safe load rating techniques, and data record keeping 
of the bridge inspection program. 

Many requests each week for permits based on 
weight are received by the New Mexico State Highway 
Department. All such requests are evaluated with 
the system. The majority of the requests are 
evaluated with the system. The majority of the 
requests indicate no inadequate bridges along their 
proposed route. Only those overloads indicating 
inadequate bridges are referred to engineers for 
further evaluation. The system has reduced 
engineering manpower requirements for checking 
structures for an overweight vehicle permit, yet 
has reduced the potential for error without 
sacrificing engineering evaluation. 

A similar computer program has simplified the 
posting of inadequate bridges. The specified legal 
loads are passed over all bridges within the state 
via the computer and compared with the inventory 
capacity. Those bridges where the equivalent legal 
load exceeds the inventory rating were posted at 
the inventory capacity. The system also provides 
a quick method for listing posted bridges. 

Conclusions 

The New Mexico State Highway Department has a 
viable and continuing program for bridge inspection. 
This program was developed in close cooperation 
with New Mexico State University. Data developed 
within the program is utilized on a continuing basis 
in a statewide overload routing and permit system 
as well as in other routing operations. 
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PRECEPTS OF THE EVALUATION OF FACILITIES FOR HUMAN USE AND THE APPLICATION TO BRIDGE 
REPLACEMENT PRIORITIES 

James C. Porter, Louisiana Department of Transportation and Development 

Over the years, highway departments have inven
toried and appraised their highway systems. 
One of the concepts that evolved is the suffi
ciency expressed as a percentage. This con-
cept can be formalized as an inventory and 
appraisal process for general application. The 
concept has been appl ied Intuitively to specific 
Inventory needs such as the " Recording and Cod
ing Guide for the Structure Inventory and Ap
pra isal of the Nation ' s Bridges" and the suff i 
ciency rating formula for br idges developed by 
the Federal Highway Administration. A general
ized process which concisely defines terms re
quired to develop precepts is presented. The, 
methodology is a synthesis developed around the 
recognition that faci Ii ties subject to evaluation 
are directly or indirectly intended for human 
use. The process is then applied to a bridge 
replacement priority process through use of the 
sufficiency in an abridged example. Other uses 
are also discussed. 

Precepts of the Evaluation of Facilities 

The precepts of the evaluation of facilities for 
human use are a generalization of concepts narrowly 
applied only to highway faci Ii ties in the past. 
The concept of sufficiency or sufficiency rating 
which is the net results of the evaluation presented 
is not new. The context In which it has been tradi
tionally used Is the highway suff iciency rat ing used 
fo r plann ing pu rposes or more spec i fi cally order ing 
priorities or determining needs for upgrading high
way faci I i t les. The origin of the suff ic iency con
cept is documented as early as 1946 and its use and 
the development of inventory data seem to be a some
what arbitrary practice which rel ies on lntuition.(9) 
The precepts advance the concept of systematically -
developing evaluation goals, facility functions and 
t he required inventory data to evaluate them. This 
ultimately Involves establishing a glossary of terms 
to descr ibe t he evaluation process, general i z ing 
and enhanc i11g the eval uat ion process and present ing 
a systematic approach to the selection of strateg ic 
Inventory data necessary to the evaluation process. 

Emphas is should be placed on inventory data 
which Is measured and not subject to j udgement which 
may introduce bias. (l) Subjective evaluations, 
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when included in the inventory data, should be in a 
uniform reporting approach to minimize bias in the 
site observations. 

The need for this generalized approach became 
evident when the Federal Highway Administration de
veloped a sufficiency formula around its bridge In
ventory data (10) which was required to be collected 
by the States and supplied to a national base it 
maintains. On occasion this inventory data has been 
questioned as to its value or need as inventory data. 
Justification for this data led to the review of the 
sufficiency formula to determine what was needed to 
evaluate a bridge. It logically follows that initial 
development of inventory data sets can be arrived at 
sysrematically and thereby justified through analysis 
of predetermined evaluation goals and facility func
tions. 

The eng ineer Is often called upon to invest igate 
the feasibil i ty of developed alternatives for capital 
ou t lay programs to maximize prof i ts as well as opti
mi l e other benef i ts to hi s organizat ion o r c l i ~nt. 
The investigation of exi s t ing facl Ii ties which are 
d i rectly or indirectly intended for human use can be 
accomplished by evaluating their suff iciency in the 
context of cu r rent standards of technology and prac 
t ice. Several C0!1111on precepts defined for the suff i
c iency evaluat ion presented here in are, in part, in
dependent of a fac i lity's specific function (s) . The 
relat ive independence of function should be most 
valuabl~ in a mult l -di scipl ln·e, team environment. 
Each team member can Independently develop the func
t 1on assessment in his specialty and together they 
must agree on t he relat ive Importance of each func
t ion. Anot he r use of the suff iciency i s the compa
r i son of several similar facl Ii ties of different ages, 
s tates of repa i r and leve l s of usage. It provides a 
corrmon denominator for Input with other considerations 
in a retirement , maintenance, and replacement planning 
program. 

Basic terminology 
sufficiency concepts. 
to define the several 
herein: 

is necessary to develop the 
A glossary of terms follows 

terms which wi 11 be used 

Capac i ty - a data assessment standard represent ing 
a s tandard of capacity of the funct ion to serve the 
elements in the env i ronment of the facl llty. 

Data Assessment Standards - a defined range of 
inventory data values defin i ng levels of service. 

Efficiency - the assessment of an inventory data 



item which is used in a composite to evaluate the 
function assessment. An inventory data item can be 
an assessment requiring no further evaluation. 

Element - the hU11111n element or a vehicle, ma
chine or other device operated or utilized directly 
or indirectly by the human element for production 
purposes, comfort or other need. An element may also 
be defined as a function. 

Essentiality - an evaluation of the inventory 
data with respect to its relative importance to the 
function and to the elements served by the function. 

Facility - a distinct operational unit that may 
be independently evaluated relative to the elements 
it serves or affects in its environment. 

Function - a service or product a facility pro
vides or an effect it produces on one or more ele
ments in its environment. 

Function Assessment Standard - The evaluation of 
a function considering the vital and the nonvital data 
assessment results. 

Inventory Data - information which is qualita
tively descriptive of a function. Data best suited 
is that used in current practice to design or develop 
simi tar functions for new faci Ii ties and site obser
vations, measurements, and evaluations. 

Nonvital Data Assessment Standards - evaluation 
of inventory data items not relative to human health 
in terms of their essentiality to the function they 
describe and in terms of the efficiency expressed by 
the interactive effects of performance and capacity 
of the function. 

Performance - a data assessment standard repre
senting a standard of observed or measured service 
the function provides to the elements in the envir
onment of the facility. 

Relative Importance Factor - a relative importance 
to the human element is assigned to each function. 
The sum of the relative importance factors for all 
functions in the facility will equal unity. 

Safety - a data assessment 3tandard representing 
a standard of health and safety of the human element 
in contact with the function. 

Serviceability - the function assessment based 
on the evaluation of its composite vital and nonvital 
data assessments. 

Sufficiency Rating - the facility assessment 
based on the sum of the products of the serviceability 
of each function and its respective relative impor
tance factor. 

Utilization - a data assessment standard repre
senting a standard of observed or measured service 
provided the human element served by the function. 

Vital Data Assessment Standards - evaluation 
of inventory data items relative to human health in 
terms of their essentiality to the function they 
describe and in terms of the efficiency expressed by 
the interactive effects of utilization and safety on 
the human element. 

First the facility must be clearly defined and 
so must its functions. A facility can be defined as 
a bridge or a segment of highway, an office unit or 
an office building, or a production unit or a produc
tion plant. A facility's functions can be divided 
into two somewhat related categories; the facility's 
objective(s} and its interaction with the human ele
ment. Facility objectives for example would be to 
convey automobile and truck traffic, provide office 
rental space or produce gasoline. Interaction of a 
facility with elements in its environment is inevita
ble. Environmental safety and comfort of the elements 
in contact with or affected by the facility and its 
contribution to their general welfare are the usual 
interactions to be sought to identify functions. 

Once the several functions have been defined, an 
inventory data set i~ defined to adequately describe 
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each function in terms of vital and nonvital assess
ments. The best source of data for a function's 
assessment is the parameters currently used to design 
the same function for a new facility. Another source 
of data is a systematic process of on-site observa
tions, measurements, and evaluations. An example 
of standardized reporting for on-site measurements, 
observations, and evaluations is the following con
dition ratings in a convenient numerical form which 
are particularly valuable for multi-facility evalua
tions: 

9 New condition - no maintenance reconrnended 
8 Good condition - no maintenance reconrnended 
7 Fair condition - recommend maintenance on 

minor items 
6 Fair condition - recommend maintenance on 

major items 
5 Poor condition - recommend major rehabilitation 
4 Poor condition - minimally adequate to operate 

with current use 
3 Poor condition - inadequate to operate with 

current use - reconrnend restricted operation 
2 Critical condition - inadequate to ope~ate 

with current use - recommend minimum restric
ted operation 
Critical condition - inadequate to operate 
with current use - reconmend ceased operation 
until rehabilitated 

0 Critical condition - inadequate to operate 
with current use - recommend ceased operation 
until replaced 

Note: Condition Ratings 4, 3. and 2 will generally 
require the major rehabilitation recommended in Con
dition Rating 5, but prevailing conditions make the 
inrnedlate concern, restricting operations, more Im
portant. If a facility or facility function is 
planned for another use, substitute the word "planned" 
for "current". 

Each function identified will require evaluation 
of its importance relative to the importance of the 
other facility functions. The evaluation assigns a 
total importance of unity to the (n} facility func
tions. The relative importance (Ii} of each facility 
function will be identified by its assigned portion 
of unity as demonstrated in Equation I. 

(I) 

After the inventory data for a function has been 
selected, it is necessary to develop data assessment 
standards to evaluate the function described. It is 
convenient to divide the inventory data into two (2) 
distinct groups, vital and nonvital data. Vital data 
is descriptive of a function operation which directly 
affects element safety relative to utilization such 
as a structure's integrity versus the applied live 
load. Nonvital data is descriptive of a function 
operation in terms of performance relative to capa
city and does not directly relate to element safety 
or utilization. Nonvital data might be considered 
those items associated with creature comforts such as 
heating, ventilation, and air conditioning and light
ing. The data assessment standards are mathematical 
functions or data ranges which define standards of 
service. 

Each function is assessed independently as a di
rect result of its associated inventory data assess
ments. The function assessment standards can be de
fined in conman generic terms. The function may be 
appraised as being in either desirable, adequate, 
tolerable, or inoperative condition. A useful nume
rical evaluation for a facility function assessment 
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is in the form of appraisal ratings such as: 

9 Better th~n dcsir~ble st~nd~rds 
8 Equal to desirable standards 
7 Better than adequate standards 
6 Equal to adequate standards 
5 Tolerable conditions 
4 Tolerable conditions - rec01M1end rehabilitation 
3 Intolerable conditions - recOfTIT1end rehabilita-

tion 
2 Inoperative - recorrrnend rehabilitation 
1 Intolerable condition~ - re.r.ommend rP.placement 
0 Inoperative - recorrrnend replacement 

The appraisal ratings are directly applicable to 
establ lshing data assessment standards because of the 
direct contribution of the data assessment to the 
function assessment. The efficiency of the vital and 
nonvital data, (Vijl and (Eij) respectively, is the 
percent effectiveness of the function operation the 
data describes. The efficiency can be numerically 
related to the appraisal ratings if they are used. 
Each item of data must also be evaluated for its 
essentiality to its related function. The essentiality 
(Kijl is the proportion of unity assigned each of the 
(m) items of data demonstrated by Equation 2. 

m 
l: Ki j 2 1, i • 1 , 2, 3, ... , n 

j•l 
(2) 

The serviceability (Si) of a facility function 
is computed by sunrning the products of the efficiency 
and essentiality of its related data. The service
ability is the percent effectiveness of the function 
as determined by its assessment results demonstrated 
in Equation 3. 

m 
Si • E (Eij + Vij)Kij• 

j=l 
~ 1,2,3, ... ,n (3) 

where (Eijl or (Vijl is zero when it is a vital or 
nonvital data assessment respectively. 

The sufficiency rating (Sr) for the total facility 
is computed by summing the products of the service
abi I ity and the relative Importance of the facility 
function as demonstrated by Equation 4. The suf
ficiency rating is then a composite of the service
abi 1 ity modified by the relative importance of each 
function resulting in a percent sufficiency for the 
faci 1 ity. 

(4) 

In retrospect the process for evaluation of faci-
1 i ties for human use as presented provides a guide
line which will aid the engineer or other specialists 
in convnunicating complex technological evaluations. 
This is accomplished by reducing the evaluation re
sults into layman's terms such that the input and 
output can be easily comprehended by all parties in
volved. Facilitating effective input into the eval
uation process and reducing its results to layman's 
terms makes it attractive as a c0fl11lunication tool. 
An equally important feature is that the evaluation 
implementation process leads to a strategic selection 
of inventory data (Dijl which best describe and there
by evaluate a facility. The facility function ser
viceability provides easy access to the magnitude of 
functional problems affecting the sufficiency eval
uation. The complete evaluation process is demon
strated by the flow chart in Figure I. 

Figure I. Sufficiency evaluation flow chart. 
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Bridge Repl acement Priorities 

The faci I ity for human use shall be defined as a 
highway bridge. The facil lty functions normally pro
vided for through the design process for bridges are 
structural and geometric. Structurally the bridge 
design provides the required strength to routinely 
accommodate legal weight vehicles and the reserve 
strength to accommodate occasional overweight vehicles. 
Geometrically the bridge design provides for a high 
probability of success in negotiating the bridge site 
for the motorist. Geometrics account for the psyco
logical and physical 1 imitations of the driver and 
also for the performance, dimensions, speed, and vol
ume of the vehicle expected to use the facility. 

Another function which the highway bridge design 
must provide for, is adequacy of opening or under
clearances for the facility or geographic barrier 
bridged over. The underclearances for underpassing 
highways, railways, or navigable waterways and the 
adequacy of opening for drainage through the bridge 
site must be included in the assessments when appli
cable. The regional significance of the bridge is 
also a facility function to be assessed. Regional 
significance is measured by the regional importance 
of the route the bridge is on, the detour distance 
which would be necessary to by-pass the bridge if it 
were lost from service and the volume or traffic ser
~d by the bridge. 

With the facility functions for a highway bridge 
thus defined, it is now necessary to determine what 
inventory data sets would be most suited to evaluate 
each of them. The functions were identified from the 
design process. Most of the inventory data can also 
be selected from the design process. 

The design strategy is to determine the structural 
and geometric standards which are desirable for a 
planned bridge. Consideration is given to the 
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planned and actual significance of the highway and 
bridge as a transportation link. This provides the 
standards of highway traffic expected in terms of 
speed, volume, size, and weight. The bridge is fit
ted to its site for the required underclearances and 
other site requirements while meeting the necessary 
geometric and structural standards for highway traffic. 

The evaluation strategy is to assess the structural 
and geometric capabilities of an existing bridge using 
assessment standards compared with the actual traf-
fic characteristics and also assess the underclear
ance needs with respect to those provided. The dif
ference between design and evaluation is simply the 
difference between prescription and appraisal respec
tively. 

Facility Function Considerations 

Structural Evaluat ion. The AASHTO Standard ~-
c l'f i cat i ans for Highway Br I dges ( 11) provides for hypo
thet i ca I trucks and lane loads in terms of the desig
nations H20-44 and HS20-44 for example. These design 
loads simulate actual traffic loads for structurally 
proportioning bridges in the design process. The 
AASHTO Manual for Maintenance Inspection of Bridges(~ 
provide~the evaluation of bridge components by 
specifying stress carrying capacity in terms of the 
"inventory" load producing the design stress and the 
"operating" load producing an infrequently al lowed 
stress such as that for a permitted overweight vehicle. 
The "operating" load stress is allowed on a more fre
quent basis provided that the rate of surveillance is 
greater than that for structurally adequate bridges. 

The inverse of the design process is applied. The 
structural capacity of a component is computed and the 
dead load stress effects are applied. The resulting 
stress available for 1 ive load is consumed by an H, 
HS or other vehicle configuration with axle weights 
in the same proportion as provided for in the speci
fications. A direct comparison between current design 
load and the evaluated load is then possible. A com
mon denominator is provided for by this method com
paring the results and the evaluation processes for 
bridges. 

Geometric Evaluation. The geometric evaluation 
of a bridge and its site is concerned primarily with 
those parameters which affect the ability of a vehicle 
and its driver to successfully traverse them. Under 
clearances will be taken as a geometric evaluation 
based on the specific needs of the underpassing func
tions. These parameters can be obtained from field 
measurements or from original plans when available. 

The stopping sight distance as defined in A 
Pol icy£.!:!_ Geometric Design of~ Highways (~Tis the 
distance at which a vehicle dr iver can detect an object 
of a given size in the roadway. This d.istance is asso
ciated with vehicle speed and the time required for the 
driver to react and physically stop the vehicle before 
passing the object. A direct evaluation between the 
measured stopping sight distance and the speed I imit 
is possible. 

The approach roadway width compared to the clear 
roadway width of the bridge deck is another significant 
parameter affecting safety. There is a direct corre
lation between the two and the traffic accident rate. 
The most serious of these conditions is when the bridge 
roadway width is narrower than the width of the ap
proach roadway. The accident rate dramatically in
creases for this condition.(7) Some other geometric 
considerations which require-evaluation are the num
ber of highway lanes provided by the structure, pre
sence of one-way or two-way traffic and vertical clear
ance provided by through structures with elements over 
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the roadway. The under clearance requirement is eval
uated from the specific underpassing function need. 

Condition Rating. The structural and geometric 
information can be obtained from direct field measure
ments and sampling or from plans and specifications 
when available. Another form of evaluation which 
plays a significant part in the overall evaluation is 
the condition rating. It represents a relatively sub
jective view based on field observations of individuals 
trained and experienced in such observations. 

The condition rating is an analysis of observed 
site conditions and resulting rec0111T1endations which 
may stipulate corrective actions to improve or repair 
observed deficiencies. The condition rating as pre
viously presented in a standardized format is suitable 
for multiple facility evaluation where hundreds or 
even thousands of facilities are to be compared to 
established repair and/or replacement priorities. This 
approach lends itself well to numerical evaluation. · 
It is also helpful "to divide the site and the bridge 
into components or inspection items and rate each one 
by a performance criteria as an aid to making the 
condition rating judgement. These ratings will be of 
great value in determining specific maintenance needs 
and repair priorities for large multiple facility sys
tems. Performance ratings may take the following 
form: 

9 The item is in new condition with no repairs 
necessary. 

8 The item is in good condition with no repairs 
necessary. 

7 The item is in good condition, but is in need 
of mi nor repa i rs. · 

6 The item is performing the function for which 
it was intended, but is in need of minor repairs. 

5 The item is still performing the function for 
which it was intended at a minimum level, but 
is in need of minor repairs. 

4 The item is still performing the function for 
which it was intended at a minimum level, but 
is in need of major repairs. 

3 The item is still performing the function for 
which it was intended at a minimum level, but 
is in need of replacement. 

2 The item is not performing the function for 
which it was intended and is in need of minor 
repairs. 
The item is not performing the function for 
which it was intended and is in need of major 
repairs. 

0 The item is not performing the function for 
which it was intended and is in need of re
placement. 

Regional Significance Evaluation. The regional 
signif ica nce of a bridge can be accounted for through 
the functional classification of the route the bridge 
is on and the net by-pass detour length. The net 
by-pass detour length is the extra distance which 
would be required to route the through traffic on a 
comparable facility which could acco11111odate the volume 
and character of the traffic currently using the 
bridge. These parameters should be used to indepen
dently evaluate regional significance of the bridge. 
The regional significance is incorporated into the 
selection of several data assessment standards such 
as volume of traffic to select the appropriate data 
assessment standards for the roadway width or number 
of lanes provided by the bridge. Regional significance 
is therefore not entirely an independent function. 

Why have an independently evaluated regional sig
nificance? The subtle effect of regional significance 
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Table 1. Inventory data and related functions . 

Structural Function Geometric Function Regional Significance Function 

Inventory rating 
Operating rating 
Condition rating 

Stopping sight distance 
Bridge roadway width 
Approach roadway width 
Vertical clearance over 

Average daily traffic 
Net by-pass length 
Functional classification 

roadway 
Underclearances 
Condition ratings 

cannot be controlled or measured by its effects on the 
data assessment standards. By providing a separate 
function, the effect can be controlled and recognized 
in the total evaluation. 

Inventory Data. The inventory data established 
thus far for the evaluation of a highway bridge fa-
ci l lty is sunwnarized in Table I. There will be obvi
ous questions raised about the choice of inventory 
data. As an example, some would question why the 
accident records are not Included in the data as geo
metric inventory data. The answer Is that the acci
dent rate at a given bridge site would have a high 
correlation with geometric problems already described 
and therefore it would not be independent data. Also, 
raw accident data does not provide the cause of a 
series of recurring accidents unless uniform reporting 
procedures of traffic accidents are sufficient enough 
that review of the individual reports can determine 
the cause. 

The functions chosen were arbitrary. Another 
approach would have been to combine some of the func
tions into "provide safe transit through bridge site". 
This would include all the inventory data items under 
structural and geometric functions except under
clearances. Any valid choice of function and com
plete analysis should lead to an appropriate and valid 
inventory data set. A limitation of selecting an all 
encompassing function is the lost opportunity to re
view the results at the more detailed function defi
nitions. An example of further expanding the functions 
would be to separate underclearance, bridge geometry, 
and approach geometry as separate functions. 

Relative Importance of Functions 

The obvious need for structural integrity should 
require that the structural function receive a sub
stantial part of the relative importance. The safety 
aspects involved in the potential for collapse are 
onerous relative to structurally deficient bridges. 
However, it should not be overlooked that nine out of 
ten highway deaths associated with bridges are those 
related to geometric deflciencies.(12) The regional 
significance of a bridge should alsO-play a role in 
determining priorities. 

The goals of a replacement program should be re
viewed in determining the relative Importance assigned 
to the various functions. If the goal is to replace 
structurally deficient bridges, regardless of other 
operational characteristics or regional significance, 
the choice of relative importance factors is trivial. 
The relative Importance would be unity for the struc
tural function and zero for al I others. If the goal 
is to replace structurally deficient bridges of re
gional importance, the regional importance function 
would share some relative importance with the struc
tural function for example 0.2 and 0.8 for the regional 

importance and structural functions respectively. 
The factors which affect the need for replacement 

are considered for each defined function in proportion 
to its contribution to the goals of the program when 
selecting the relative importance value. Values 
represent ing the goals of three replacement programs 
are shown In Table 2. Policy I gives the structural 
funct ion the prime consideration with slight modifi
cation by the geometric and regional significance 
functions. Policy II gives a strong significance to 
the geometric and regional importance funct ions coupled 
with the structu ral function. This may be more In 
line with the real needs for consideration of highway 
bridge replacements. Pol icy Ill places heavy emphasis 
on the regional importance function especially in the 
view that items in I ts inventory data set will be used 
in setting data assessment standards for other func
tions. The benefits that may be derived from a re
placement program ba'sed on Policy 11 compared with 
Policy I is a greater reduction in fatal traffic acci
dents associated with the replaced bridges at a 
slightly higher risk of collapse from those structures 
not replaced as soon with Policy II as they would have 
been with Policy I. The benefits associated with Po-
l icy I I I might be improved capacity of bridges on 
principal arterials at the sacrifice of higher risk 
of collapse of structures on secondary roads which 
would have been replaced sooner by Policies I or II. 
However, the exposure to the dangers of collapse may 
actually be reduced for the total motoring population 
by Pol Icy 111. It is possible that there may be sig
nificantly more traffic and therefore more exposure 
to collapse of bridges on the principal arterials 
which would remain by following Policies I and I I. 
For the purpose of this example, Policy Ill will be 
used. 

Table 2. Relative importance assignments to functions. 

Function 

Structural 
Geometric 
Regional 

significance 

Pol icy I 

.60 

.30 

.10 

Serviceability of a Function 

Policy 11 

.so 

. 40 

.10 

Pol icy 111 

.so 

. 30 

.20 

The serviceability of each function may be derived 
from a direct relationship established between the 
previously presented appraisal ratings which are a 
numerical approach to the function assessment. The 
serviceability is associated with a percent effective
ness a function has, based on its assessment. The 
serviceability could be arbitrarily assigned as 

.r 
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fable 3. Assigned serviceablity percentages for appraisal rating values. 

Appra i sa 1 Serviceability Appraisal Serviceabi 1 ity 

Rating Percentage Rating Percentage 

9 100 4 84 

8 100 3 64 

7 100 2 36 
6 100 1 0 

5 96 0 0 

fable 4. Structura 1 appraisal 1 imi ts . 

ADTa Desirable Adequate Tolerable Inoperative Rating 

over 1 ,5oob HS20 HS20 HS15 Inventory 
HS20 HS2 Operating 

750-1,500 HS20 HS15 Inventory 
HS20 HS20 HS2 Operating 

Less than 750 HS15 Inventory 
HS20 HS20 HS20 HS2 Oeeratin9 
9,B 7 . ~ s . ~ 1,0 Conditionc 

aAoT is not applicable with condition ratings. 
bAll principal arterials. 
ccondition Ratings of 3 and 2 are in the intolerable range. 

demonstrated in Table J. 
The boundary conditions selected are the appraisal 

ratings 9, 8, 7, and 6 will have a serviceability of 
100 percent and the appraisal ratings 1 and 0 will 
have a serviceability of 0 percent. The remaining 
task is to select a reasonable declining scale between 
6 and 1 based on the relative need for replacement of 
the facility stated in appraisal ratings 5 through 2. 
An estimate of these values is represented by a second 
degree parabolic function with zero slope at the apprai
sal rating of 6 as a third boundary condition. 

The serviceability is ordinarily determined di
rectly from the inventory data assessment using the 
efficiency and essentiality. This is a particularly 
valuable alternative when several data assessments 
are involved for a function. In this alternative, 
the efficiency wi 11 be determined in the same way as 
described here for serviceability. 

Data Assessment Standards 

The data assessment standards convert the inven
tory data into an efficiency through mathematical 
functions or ranges of data. The efficiency is de
scribed in terms of appraisals which are either de
sirable, adequate, tolerable or inoperative. For 
highway facilities, there is a wealth of information 
available for assessing some of the inventory 
data. (.!..~·~·2·~·1·~• .. !.~) 

Structural Function Inventory Data. The struc
tural evaluation is accomplished by developing a table 
of inventory and operating loads and condition ratings 
which are characterized as one of the four stated 
appraisals describing the function. Table 4 is a 
policy for the efficiency evaluation of the data for 
the structural function. 

Though Table 4 is presented using all HS type loads, 
it can be converted for other load types. The condi-

tion rating used in the evaluation would be the lowest 
of those associated with the bridge structure exclu
sively. The efficiency of the structural rating and 
the condition rat ing are expressed with the same values 
used for serviceability and the essentiality is ex
pressed as .75 and .25 of their efficiencies respec
tively . 

Geometric Function Inventory Data. The geometric 
function for this example is divided into two functions 
to provide more detailed significance at the function 
level. These functions wil I be bridge geometry with 
an assigned relative importance of .20 and approach 
geometry and underclearances with an assigned relative 
importance of . 10. 

The stopping sight distance 1 imited by the ap
proaches to the bridge ends and limited by the bridge 
itself is applied in part to the appraisal ratings of 
the approach geometry and the bridge geometry respec
t ively. The data assessment standards for evaluating 
the desireable criteria for the stopping sight dis
tance (SSD) are c0f1J1lon to both applications and a 
policy is demonstrated in Table 5. The adequate cri
teria is represented by the posted speed limit or ad
visory speed for the location equated to its corres
ponding wet pavement stopping sight distance. The 
tolerable criteria is represented by the posted speed 
1 imit or advisory speed for the location equated to 
its corresponding dry pavement stopping sight dis
tance. The condition ratings for the bridge roadway 
and the approach roadway are included in the assess· 
ment with the same appraisal limits demonstrated in 
Table 4. The inoperative criteria is not considered 
applicable to geometric function assessments. 

The bridge roadway evaluation policy demonstrated 
in Table 6 and Table 7 is a component of the bridge 
geometry function evaluation which wi 11 also include 
the stopping sight distance, condition rating and the 
vertical clearance. The essentiality of the inventory 
data are expressed by allocating .50 of the lowest 



20 

Table 5. Desirable criter ia for Stopping Sight Distance 

Functional 
Classification 

Principal arterial 
Principal arterial 
Minor arterial 
Other 

Note: Km/h = 0.62 

Average Dai 1 y 
Traffic 

Over 3,000 
3, 000 or less 
750 or less 
400 or less 

mph; 1 m ,.. 3. 28 

Speed 
(Km/h) 

110 
95 
70 
65 

feet . 

Wet Pave
ment SSD(m) 

210 
150 
95 
Bo 

Table 6. Desirable criteria for bridge roadway width. 

Functional 
Classification 

Principal arterials 

Minor arterials 

Average Dal 1 y 
Traffic 

Over 12 , 000 
12,000-3,000 
Less than 3,000 
1, 500-751 
750-400 
Less than 400 

Note : 1 meter ,.. 3.28 feet 
aTwin structures are required. 

Roadway Width 
(meters) 

15. 2a 
11. 6a 
12.2 
12 . 2 
8.5 
8.5 

Table 7. Adequate and tolerable criteria for bridge 
roadway width. 

Average Dai I y 
Traffic 

Over 1 ,500 
1,500-751 
750-401 
400-250 
Less than 250 

Adequate Roadway 
Width (meters) 

11. 0 
9. 8 
8 . 5 
8. 5 
7, 9 

Note : 1 meter ,.. J . 2B feet 

Tolerable Roadway 
Widtha (meters) 

9, 1 
7, 3 
6.7 
6. 7 
6. 1 

aRoadway width shall not be less than the approach 
roadway width. 

efficiency value between the roadway width or vertical 
clearance ~nd . 25 of the efficiency of the stopping 
sight distance and condition rating each. 

The vertical clearance evaluation through a bridge 
structure Is not as complex in application. For ex
ample; a vertical clearance policy of 4.9 meters can 
be taken as the desirable criterion, 4.6 meters as the 
adequate criterion and 4.3 meters as the tolerable 
criterion. 

The underclearance and approach geometry are also 
components of the bridge geometry function. The 
approach geometry is evaluated as previously shown by 
the least stopp ing sight distance from the bridge ends 
and the condition rating. The essentiality of these 
inventory data items are expressed as .60 and .20 of 
their respective eff iciencies. 

The underclearance evaluation can not be assessed 
in a uniform manner. The vertical and horizontal 
underclearances and other dimens ional requirements 
will be dependent on the unique services under the 
bridge or the hydrological characteristics of a stream . 
This evaluation must be done independently for each 
bridge. An essential l ty of .20 is assigned to this 
inventory data assessment. 

Reg ional Signi fi cance Functi on In vent ory Data. 
The reg iona l si gn ifi cance eva l uat ion i s a measure of 
the impact of the increased costs to transportation 
if the bridge were suddenly lost from serv ice. Addi
tional data is collected to compare the cost of the 
replacement structure to the increased cost of trans
portat ion. The increased cost for transportation is 
due to the detour distance added per vehicle over the 
time required to restore br idge service. The approx
imate replacement cost and time requ i red before bridge 
service could be restored can be estimated from the 
phys ical size of t he existing bridge. The cost per 
mi le for operation of the average vehicle can also 
be estimated. 

An appraisal rating for regional importance would 
have no significant meaning. A mathematical function 
(Equation 5) is developed which directly computes the 
function's serviceability. The regional significance 
of a bridge can be thought of as independent of its 
condition. In this instance it is the regional sig
nificance of the bridge relative to its current ade
quacy which is of interest. This wil I require that 
the regional significance appraisal be performed last 
such that the results of the remaining function ser
viceabilities can be used. 

100 (5) 

The var iables in this equation are the regional 
significance function serviceability (S), the func
tional classification factor (F), the total increase 
in t ranspo r t a tion cost (Ct)• the br i dge rep lacement 
cost or a base cos t (Cb), the sufficiency If t he re 
gi ona l sign ificance funct ion serviceability were 100 
percent {Sr) , and an arb i trary cons t an t (a) . The a r
bitrary constant {see figu re 2.) is taken as 2 and 
t he functiona l c lassifi cation fac tor ls t aken as 1. 00 
for principal arterials , 0.95 for minor arterials and 
0.90 for other roads. The value of (F Ct/Cb) should 
not exceed unity. The total increase in transporta
tion cost is the product of the average daily traffic, 
the estimated time required to restore the bridge to 
service in days, the net bypass detour length and the 
cost per unit length traveled per vehicle. 

Sufficiency of a Facility 

As previously presented, the sufficiency of a 
fa c ility is a percentage determined from mul tiplying 
the serviceabilities by the relative Importance and 
surrming the resulting prod uc ts . Depend ing upon the 
goa ls of the rep lacement programs as previ ous ly di s 
cussed the br idge wi t h the lowest suffici ency per
centage shou ld ha ve the highest replacement prio r ity. 
In order to calib rate the algo rithm to obta in the 
desired goals of a replacement program, substitute 
several different sets of relative importance values 
and review the priority sequence of bridges obtained. 
Continue this process until the desired results are 
obtained. It should be realized that the desired re
sults are obtained only in a general sense because 
there are no absolutes in the comparison of deficient 
bridges requiring replacement.(.2) 

Ordering priorities 

The established goals represent benefits expected 
from a facility. They provide the scale to measure 
the sufficiency or a percent of the benefit provided 
by a facility. The benefit of replacing or repairing 
a facility can be directly measured by the percent 
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!n a facility's sufficiency once an action Is 
inc rease (J) With the inclusion of the cost of the 
cO(Tl~l~t~~ the inventory data , the cost-benefit ratio 
actt~e compared and priori ties can be reassess·ed to 
~~lmlze benefits at the least cost. 
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Figure 2. Effect of the arbitrary constant (a) on 
the regional significance function serviceability 
(Equation 5) . 
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SYSTEMS APPRCli\CH TO BRIDGE STRUCTURE REHABILITATION OR REPIACEMENT DECISION•w.KING 

Arunprakaeh M. Shirole', P.E., City of Minneapolis 
Jamee J. Hill, P.E., Minneeota Department of Transportation 

Thi• paper presents a sy1tema approach to the 
difficult bridge structure rehabilitation or 
replacement decision-making. E1sential ele
ment• of the data base, or structure informa
tion system, supporting this decision-making 
proce11 are indicated. Adequacy for future 
u1e and economic criteria for a rational appraia• 
al of alternate• are developed and their appli· 
cation is indicated. Constraints; like available 
and projected flow of funde and of local or 
legal nature are identified and their impact 
on the decisions is analyzed. Analytical 
decision methods, such as pay•off matrix and 
decision tree, for evaluation of alternate 
proposals are presented and illustrated in a 
systematic, atep•by•step procedure. Guidelines 
are al10 presented to assist the decision-maker 
in the selection of a method suitable for 
individual situations. 

For a decision-maker, the decision to rehabili· 
tate or to replace a deficient bridge structure 
and its subsequent justification have not always 
been easy. One principal cause for this has been 
the approach of piecemeal synthesis in the existing 
decision-making that has, in general, been oriented 
toward emphasizing certain advantage• of one alter
nate and undere1timating its disadvantages. Need 
exiats, therefore, to accomplish the decision
making proce11 throuah a complete, integrated and 
logical analy1i1. 'l'be 1y1tem1 approach provides 
such a coordinated 1tap-by•1tep analysis which, 
when applied to bridge 1tructure rehabilitation or 
replacement decision-making, offers several advan• 
tage1. It integrate• essential elements of reliable 
information, well defined criteria, clearly per
ceived constraints and uniform evaluation of all 
available alternatives. Further, it allow• for and 
encourages the use of experience, judgment, and 
analysis of the impact of uncertainty and of possible 
future decisions. niu1, the decision-making, based 
upon systems approach, can take place in a logical 
and orderly manner, which can facilitate rationally 
sound decisions and ensure the optimal or near 
optimal use of the limited public funds. 
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Sy1tmn1 Approach 

"nle system for decision-making can be deacribed 
a1 a logical, clearly defined and step-by•1tep 
procedure operating to accomplish the decision• 
making process. A comprehensive formulation of the 
decision process; characterizing various technical, 
economic and other a1pect1; which is needed before 
a realistic operating 1y1t9111 can be developed i• 
described by the following: objective•, data•baae, 
criteria, constraints, and methodology for evalu• 
at ion. 

Objectivea 

Objectives of the sy1tem1 approach are to bring 
out all poesible alternatives, evaluate them on the 
ba1i1 of clearly defined criteria and constraints, 
and arrive at an optimal or near optimal decision. 
nie ultimate aim of systems logic is to discover and 
take into account those aspects that truly influence 
the outcome of an optimal or near optimal (i.e., the 
beet and the second best) decision. 

Data-base 

A user oriented, up to date, complete and order• 
ly structured data-base is presented in Tables l, 2, 
and 3. To facilitate its efficient retrieval, use 
and ease of updating, this data-base has been divid· 
ed into the following sections: 

Structure Inventory and Traffic. Physical char• 
acteristics of the existing structure and traf
fic related information are presented in this 
section. Estimates for rehabilitation, relative 
importance of the bridge to traffic and physical 
requirements of future replacement structure can 
be determined from this information. 

Structure Inspection and Appraisal. Inspection 
of the existing bridge structure reveals con• 
dition of its superstructure (i.e., deck, 
stringers, etc.) and substructure (i.e., abut• 
ments, piers, footings, etc.). It also reveals 
uneafe condition•, serviceability considerations, 
eetimated remaining life and the extent of 
repairs needed. 

r 
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Tabl• 1. Data-base: Part I 

:;TRUC'l'URE INVENTORY AND TRAFFIC (SECTION A): (Dated • , • , ••. .•.• ; Updated . . ..... . . ) 

structure Number , • • • . , Built in • • , • ·; Remodeled in • 
1• Inventory Route. , • • • • ; Over/Under • • • •; Location •• , 
2• Alternate Length • • • • . , Impact on Travel Time ••••• min.; l<mh (mph) . 

.; Owner . ... . . 

3 • LanesfR.R. Tracks (over) .; (under) ••••.• •I One/Two Way ••••• • 
4' AV· Daily Traffic (ADT) on Structure • • •••• • ; Peak Hour Traffic • • • ••••• • ; Year. 
~: Projected AIJr • • • • • • • •• ; For Year ••••• ; Heavy Coumercial AIJr • •• •• • • •• • , • •• 

7. Design Load •.•• .••• •• ; Present Structural Capacity • • • • .; Posted Load Limit • . .••• 
Approach Width: Roadway. • • • • • • • • • • • • ; With Shoulder • • • , s. 

9, 
lO· 

11. 
12. 
13· 
14. 
15· 

16. 
17. 
18. 
19. 
20. 
21. 
22. 

23 . 

Angle Skew , •• ••• . ; Is Structure Flared?. .; Width: Max 
MinimUlll Clearances: Vertical: Over. . • • . • .; Under 
Horizontal: Over , • .••. .• (North/West); • • ••• (South/Ea at) 

.; Min. 

Under. • . • • . . • (North/West); • • • • (South/East) 
Navigation Control: Yes/No; Vertical • • . • • .; Horizontal , •••••. • . • •.. ••• 
Structure Type: Main Span • • • • . • •l Approach Spans , • ••••• 
Number of Spans: Main • • • . • • .•••••• ; Approach •••••• • •• • • 
structure Length: Total • • • . .; Max. Span •••••••• ; Approach Spans •• 
Widths: Roadway (curb to curb). • •••••• ; Deck (out to out) •••••• , • 

Sidewalks: • , ••• , , , •••• (North/West) • • •• , (South/East), •••••• 
wearing Course and Overburden: Type( s). • • • • • • • • • • ; Thickness ( es) • • • • • • • • • • • 
Guardrail: Type ••••••••• Length; Other Railings: Type • .; Length ••••• , • ·• 
Utilities Ca=ied, Location. , • , • , • • , • • • , • • • , , • , • • • • • , • • • • • • , • • 
Joints on the Bridge: Type • , • .; Length ••••••••••• , •. 
Lighting System • • • • • • • • • • • . • • • • • , • • • • • • • • • • • , • • • , • . • • 
Painted in • • • • • • • • • • • ; Type of Paint • . • • • • • • • • • • • • • • • • • • • • , • • , • • . 
Material Inventory: Roadway •••• , , • ; Sidewalk , ; Superstructure • ••• • • •• 

Substructure .••. 
Other Features (such as safety lights):. 

STRUCTURE INSPECTION AND APPRAISAL (SECTION B): (Dated . ) 

l. Deck: Overall Condition ••••.... 

2. 

3. 

4. 

5. 

6. 
7. 
a. 

Type and Extent of Deterioration. 
Repairs Needed and When . • • • . 

Superstructure: Overall Condition ••• 
(Other than Type and Extent of Deterioration. 

Deck) Repairs Needed and When •••• 
Substructure: Overall Condition • • . . • . • • 

Type and Extent of Deterioration. 
Repairs Needed and When . • . • • 

Safety Considerations: Unsafe or Hazardous Conditions • • • • • • 
(Width, alignment, load-limits, steep grades, railings, clearances, etc .) 

Serviceability: Drainage. • . • . • • • . • • • • • 
Rideability (Roughness Coefficient) 
Lighting. • • .•••••• 

Condition of Paint • • . • • • . • • • • • • • • • • 
Estimate of Remaining Life: Without (with) major repairs. 
Description and Estimated Cost of Major Repairs Needed and When. 

• ) Years 

STRUCTURAL CAPACITY AND FUNCTIONAL ADEXlUACY (SECTION C): (Dated , •.• •••••. ) 

l. 

2. 
3. 
4. 
5. 

., Estimate of Deterioration. 
• ; Horizontal 

Load Carrying Capacity • • • • • • • • 
(Based on: Cu=ent Legal Loads. • • • 
Minimum Clearances: Vertical •• , .• 
Adequacy for Preaent and Projected Traffic 
Waterway Adequacy and Protection (e.g., Pier 
Limits for Special Permit Loads. • • • . • • 

or Scour Protection) ••••••••• 
• •.. ; Wheel-Load Configuration Used. 

Structur al C.apacity and Funct ion.a l Adesuacy . 
Load carrying capacity of the structure and 
functional adequacy are indicated in this sec
tion. This information is helpful in appraising 
rehabilitation alternates. 

Maintenance History and Pro !ected Future Needs . 
This section provides information on the major, 
or recu=ent minor, maintenance and repair work 
done in the paat and projected future mainten
ance. This information is valuable in appraising 
the rehabilitation alternates. 

Environmental and Other Factors. Information 
on aesthetic considerations, developmental 
plans and projected needs of the area served, 
and major items of information for environment. 
al impact statements are provided in this sec
tion. 

Relevant Details for Rehabi U.tation and Replace• 
!2!!l!• Details relevant t o al l available r elulb• 
ilitation and replacement alternatives such as 
cost estimates, are presented in this section. 
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Table 2. Data-ba1e1 Part II 

MAINTmANCE HISTORY AND PROJECTED FUTURE NEEDS (SECTION D): (Dated , •••.•..••.. ) 

1. Chronology aud a Brief Description of Major Repairs Done: •••••••••• 
(When, what, at what coat and who made th-, improvement in life expectancy), 

2. Brief Description of Minor Repairs in the Past Five Year1 • 

3. Projected Future Maintenance Needs: (e.g., New Overlay), • 

mvlRONMENTAL AND OTHER FACTORS (SECTION E): (Dated 

1. Aesthetical Considerations (e.g., Paint, etc.). 
2. Developmental Plans and Projected Needs of the Area Served, 

Table 3. Relevant Details for Rehabilitation and Replacement. 

RELEVANT DETAILS FOR RmlABILrrATI.ON (SECTION F) 

1. Data-base Sections "A" through 1'0 11 

2. Alternate Propo1als for Rehabilitation: Details, Cost Estimates, and Improvement in Life Expectancy 

RELEVANT DETAILS FOR REPLACEMmT (SECTION G) 

1. Data-base Sections "A", "C" and "E" 
2. Physical Requirements of Proposed Structure: 

Roadway width (curb to curb): , • • • .; Sidewalk widths: 
Minimum Clearances: Over: Vertical, •• ; Horizontal • 

Under: Vertical , ••• ; Horizontal , 
Traffic Capacity (Peak Hour): • • • • • •.• ; Design Loads • 
Alignment: • .; Related Structures, needed. 
Approaches:. • • • •.•••••.•• ; Utilities, to be carried ••• 
Other: . . . . . · .. • . • .. • . • .. · · · ... • · . · ... · • · · · • • • 

3. Special Features of the Site (e.g., subsurface data) ••••• , .•••••••••••••••• , • 
4. When is New Bridge Needed? •••.••••••••••• • • , , .••••.•••••• , • , • , , ••• 
5. Alternate Replacement Proposals: Details, Life Expectancy and Estimates of Initial, Maintenance and 

Other Costs. • • • • • • • • • • . • • • • • • • • . • • • • • . • • . • • , • • • • • , • • • • • • • • 

The information provided in Tables 1, 2, and 3 
has been so structured and organized that it can 
easily be maintained manually or on computer. Fur
ther, the information from this data-base can be 
utiliz~d to reinforce an agency's deciston-making 
process. 

Criteria for Decision-Making 

One of the major reasons for difficulties ex
perienced in rehabilitation or replacement decision
making is the lack of appropriate and clearly de
fined criteria for a comparative appraisal of 
available alternates. Further, major investment 
decisions like bridge structure rehabilitation or 
replacement must be consistent with the agency 
objectives and policies. 

The first important criterion is adequacy, for 
projected future use, of the rehabilitated or 
replacement structure. This adequacy must be deter
mined to establish a rehabilitation or replacement 
proposal as a realistic alternate. Developmental 
plans and projected future needs of the area served 
influence the functional adequacy of the rehabili
tated bridge. These plans can change traffic 
patterns, thus influencing the type and frequency 
of traffic at a bridge-crossing. Inadequacy to 
sustain the projected traffic may eliminate a 

simple and economical rehabilitation alternate, 
thereby requiring selection of an acceptable re
placement alternate. In addition to adequacy for 
present and projected traffic, the rehabilitated 
or replacement structure shall also need to meet 
the minimum requirements of horizontal and vertical 
clearances, roadway width, waterway opening, and 
safety. 

Analysis of highway improvements on the basi1 
of engineering economics, which is the second group 
of criteria, began over 100 years ago. The il
lusory nature of initial costs as decision criteria 
was recognized by Gillespie, in his book on road. 
making, published in 1853 CZ., ,2), who recommended 
use of estimated total costs and benefits in the 
selection of highway improvements. Thia principle 
of estimated total costs as a decision criterion 
still underlies all rational economic analyse• in 
highway engineering. Three most commonly used 
criteria for comparing total costs of alternate in
vestment proposals are: present value, annualized 
costs, and prospective rate of return. In economic 
evaluations, comparative estimated values of future 
series of benef ita and costs, such as maintenance 
costs, are arrived at through present value conver• 
sion. Where compari1ons are for a limited number 
of year1, present value of the coat•of the same 
number of years of service ia calculated for each 
alternative. The second method of economic evalu-



tion iS to compare alternates on the basis of 
:quivalent uniform cost using a suitable interest 
or discount rate. Annualized cost comparisons are 
convenient to uae when many of the estimated costs 
are essentially the 111111• year after year. The 
basic data for such coapari1on1 consists of esti• 
1DJ1ted costs associated with the alternatives being 
cOlllPared. Conversion• into equivalent annual coat 
require the use of appropriate factors, obtained 
frOlll couq>ound interest tablaa or computed using 
cOlllPound interest formula1. The third criterion, 
prospective rate of return, provides another way of 
considering the time value of investments. A com-
a.rison between alternatives involving coats and 

:uantified benefits of d.ifferent amounts at differ• 
ent dates may be expressed by an interest rate that 
1DJ1kes the two alternatives equivalent. When one 
alternative involves a higher present investment 
and higher future net benefits, possibly as a result 
of lower future disbursements, the interest rate is 
called the prospective rate of return on extra in
vestment. 

There are many difficulties in applying any of 
theae three criteria to engineering economic analy
sis of alternate bridge rehabilitation and replace
ment proposals. Although initial costs can be 
arrivedrat with reasonable accuracy, problems emerge 
while estimating future series of maintenance costs. 
one way of estimating these costs is by using past 
experience with similar structures. Such projec
tions tend to be quite subjective and considerable 
care needs to be exercised in analyzing the past 
experience. To arrive at a reasonably close esti
mate, from a range of estimates of future series 
of maintenance costs, statistical techniques such 
as expected monetary value (EMV) are utilized. 
Another difficulty arises in estimating the life of 
an improvement because in many long-lived projects, 
such as bridge structures, analyses are made and 
costs are computed as if the economic life were 
fifty years. However, life expectancy of a rehabili• 
tated structure is difficult to estimate, althouBh 
past experience with similar improvements is help
ful. Levels of future use and sound engineering 
judginents based upon performance characteristics 
of the method and materials used in rehabilitating 
structure will be valuable. Further, the selection 
of a suitable interest rate or discount rate to 
determine time value of money is particularly diffi
cult for the decision-maker. For longer time spans, 
one could estimate a range of such rates; and with 
the help of economists, use probabilistic methods 
to select the most probable interest rate. Quanti
fication of benefits is another difficult proposi
tion. However, it is not likely to be a critical 
factor in the bridge structure rehabilitation or 
replacement decision-making. 

Constraints of Decision-Making 

Lack of a clear perception of all constraints on 
decision-making has been another major reason for 
difficulties experienced by a decision-maker. The 
most important group of constraints are those per• 
taining to the available and projected flow of 
funds. No agency ever seems to have enough funds to 
follow through what it considers to be the most 
desirable capital improvements. Grants of different 
kinds, bond and general revenue funds are used to 
carry out what are considered to be high priority 
projects. A decision-maker has to take into account 
not only the availability of funds for initial in
vestment, but also the requirements of future flow 
of funds that the investment is expected to create. 
This future investment is particularly difficult for 
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the decision-maker, because of the element of un
certainty associated with it. Statistical tech
niques, which deal with the element of uncertainty, 
can provide a clearer perception of this constraint. 

Local and legal constraints constitute another 
group that can substantially inf luence the decision
making process. In recent years, local groups have 
increasingly managed to change what a decision
maker had determined to be the best decision. The 
decisions to rehabilitate or replace bridge struc
tures are no exception to this process. Involve
ment of local groups and consideration of their 
concerns, during the decision-making, has become 
necessary. Where major rehabilitation is intended, 
some state laws require compliance with minimum 
clearances, and these legal constraints may render 
a major rehabilitation proposal totally uneconomical. 
Recent Uniform Relocation Act requires extensive 
environmental reviews and complex acquisition pro
cedures even on small bridge rehabilitation projects. 
Peculiar site conditions, historical value of a 
bridge, technological limitations, local availability 
of specialized labor, materials or equipment, etc., 
also influence a rehabilitation or replacement . 
decision. 

Methodology for Decision-Making 

Decisions to rehabilitate or replace a struc
turally deficient or functionally inadequate bridge 
generally involve outlay of large amounts of money, 
have long-lasting effects and often require .Judg
mental estimates about future events. In this re
spect, they are important.and generally difficult 
investment decisions. If the evaluation of such 
an investment decision is baaed only on a single 
eetimate--the "best gues1"--of the coat of each 
factor affecting the outcome, the resulting evalu
ation will be incomplete and possibly wrong. In 
recent years, increasingly sophisticated methods 
have become available for analyzing investment 
decisions. The most widely known of these new 
developments are the analytical methods that take 
into account time value of money, However, there 
have been two troublesome aspects of investment 
decision-making that need adequate treatment. One 
problem is handling the uncertainty that exists 
in virtually all investment decisions. Another 
problem is analyzing separate but related invest
ment decisions, such as stage construction, that 
must be made at different points in time. The 
decision theory approach indicated in the payoff 
matrix and opportunity loss tables (Tables 4 and 5) 
provides a basis for reaching objective decisions 
under uncertainty. Another method, called"decision 
tree" method (1,,§.•l•!) • is particularly applicable 
to investments under uncertainty and require a 
sequence of related decisions to be made over a 
period of time. 

Payoff and Opportunity Losa Tables. These 
tables illustrate the various dimensions involved 
in any decision problem. A payoff table indicates 
all alternatives available to the decision•maker, 
events that can happen, probability distribution of 
these events, and monetary payoff (+ signl benefits, 
- sign1 costs) that result from each alternate/ 
event combination. The formulation of a payoff 
table ii probably the most difficult step in analy• 
sis of decision problems under uncertainty. It can 
also be the mDlt beneficial, because in some deci
sion problems t.he creation of new alternativea can 
have a great benefit. Some of the consequences 
that reault from the specified alternate/event 
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combination are not initially in monetary terms, and 
this causes difficulties in the construction of a 
payoff table, Although it is not eaay, it is neces
sary to convert non-economic consequences into their 
monetary equivalent before the decision analysis 
process can conti!llle. A very useful decision cri
terion for many deci1ion problem1 under uncertainty 
is expected monetary value (EMV). In order to com
pute the EMV for .a given alternate, the payoff is 
simply multiplied by the probability of that event's 
occurring, and products for each event are added 
(see step 1, Table 4), The expected value of a 
chanca event or random variable X, which can take 
on any one of n value1, is defined to be: 

n 
Expected Value of X • E(X) = ~ XiP(Xi) 

i "" l 
Where X i1 the monetary outcome of a decision prob
lem under uncertainty, the expected value of X is 
usually called Expected Monetary Value, or EMV. The 
optimal alternative in the payoff table is indicated 
by the highest DIV. 

Another way of analyzing decision problems under 
uncertainty is to con1truct an opportunity loss 
table (see Table 5), The opportunity loss for an 
alternate/event combination is the difference be
tween payoff for that combination and the best 
payoff for that event. To construct an opportunity 
loss table, each event is considered one at a time. 
All rows of the opportunity loss table are thus 
completed (see step 11 Table 5), The bottom row 
shows the Expected Opportunity Loss, EOL1 for each 
of the alternates. The EOL is calculated from the 
opportunity loss table (see step 21 Table 5) 1 in 
the same way as EMV is calculated from the payoff 
table. An alternative which has the lowest expected 
opportunity loss is the optimal alternative. This 
optimal alternative will also have the best expected 
monetary value. In many decision problems, it is 
quite easy to construct the opportunity loss table 
directly without going through the payoff table. 
One principal reason for considering opportunity 
losses is that it helps a decision-maker understand 
the cost-structure of difficult investment problems. 

Decision Trees. The decision tree approach, a 
techni~ue very similar to dynamic programning 1 is a 
convenient method for representing and analyzing a 
sequence of related decisions to be made over a 
period of time (1. .§., ]., !>· Each decision point 
is represented by a numbered square at a fork or 
node in the decision tree (Figure 1). Each branch 
extending from a fork represents one of the alter
nat ivea that can be chosen at this decision point. 
In addition to representing decision points, deci
sion trees represent chance events. The forks in 
the tree where chance events influence the outcome 
are indicated by circle1. A node representing a 
chance event generally has a probability associated 
with each of the branches emanating from that node, 
This probability is the likelihood that the chance 
event will assume the value assigned to the particu
lar branch. The total of such probabilities leading 
from a node must equal one. Each combination of 
decisions and chance events has some outcome, in 
terms of Net Present Value (see NPV calculation in 
Figure 1), associated with it. The key steps in 
building and using a decision tree for investment 
project analysis ares 

Identification of the problem and alternatives, 
It is important to identify all alternatives, 
freedom of action, and present and future un
certainties; and al10 to estimate costs and 
probabilities of uncertain events. All future 

possibilities cannot be identified, but a reason
able job can be done. Tho1e engaged in this 
analysis should be encouraged to express doubts 
and uncertainties and to bring out facts about 
cost estimates, engineering fea1ibility and 
forecasts of future conditions in terms of 
ranges or probabilities. 

Layout of the Decision Tree. This formulates 
the structure of alternatives underly'ing the 
decision. The time span over which the analysis 
must extend will vary tor particular decisions. 
Roughly, the practical time span to consider 
should extend at least to the point where the 
distinguishing effect of the initial alternative 
with the longest life is liquidated, or where, 
as a practical matter, the differences between 
the initial alternates can be assumed to remain 
fixed (see Illustrative Example). Outlining 
major choices, breaking the problem into two to 
four decision stages, and thinking out the de
cision at least through a second decision stage 
enriches the analy1is considerably over a con
ventional single-stage con1ideration (1ee ''Dis
cussion of Illustrative Ex~le), 

Obtaining the Data Needed. The data needed are: 
!.· probabilities of each uncertain outcome, 
b. coat estimates associated with each combina
tion of decision alternative and chance outcome, 
and c. an estimate of discount rate to be applied 
to future coats and benefits. The e1timation 
of elemental probabilities permits review of 
the basis for conclu1ion1. It also pe:rmitl 
the decision-maker to make u1e of the intuitions 
and skills ot hi• staff without abdicating hi• 
position a1 the decision-maker. Further, it 
permits analysis of the impact of variations 
in the estimate--that is called sensitivity 
analysis (see Discussion of Illustrative Exam
ple), 

Evaluation of Alternatives. A good evaluation 
test which alternatives appear desirable in 
light of standards used. It shows whether 
apparent conclusions are sensitive to changes 
in doubtful or controversial estimates. It 
examines the effect of choosing alternate 
standards, which in turn may lead to revision 
of standards, further analysis, or reformulation. 
The optimal sequence of decisions in a decision 
tree is found by starting at the right-hand 
side and "rolling backward". At each node, an 
expected Net Present Value, NPV1 i1 calculated. 
If the node is a chance event node, the expected 
NPV is calculated for all of the branches eman
ating from that node, If the node is a decision 
point, the expected NPV is calculated for each 
branch emanating from that node, and the highest 
is selected, In either case, the expected NPV 
is carried back to the next chance event or 
decision point by multiplying it by the proba
bilities associated with branches that it trav
els over. The preferred alternative shall be 
one with greatest net present value (see Typical 
Calculation, Figure 1), 

One modification of a decision tree ii 1tochaa• 
tic decision tree which is similar to the conven
tional decision tree approach, except that it uses 
continuous, instead of discrete, empirical probabil
ities, and provides results in a probabilistic form. 

U1e of the decision tree concept, as a basis 
for capital improvement analysis, evaluation and 
decision, is a means for making explicit the proces1 
which must be at least intuitively present in good 



king It brings out the impact of both 
decision-ma and.of possible future decisions, con-
11neertdnt~ future developments. It allows for and 
ditionede~ use of analysts, experience and judg111ent. 
encourag force out into the open those differences 
lt helps tions or standards of value that underlie 
in 851~ in judpent or ch.oice. A decision tree 
differen~~~y as cooq>l•x al the decision itself. If 
need =~tsion is a simple choice among alternatives, 
the dche decision tree reduces to a single stage 
then is 1.e., the use of present value technique 
analY 9d ~o alternative benefits and coats. Where 
applie tion is more complicated, more stages and 
cha sttua l i f h · 

tives are necessary. Exp ic t use o t e 
1terna a sion tree concept helps force a consideration 
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alternatives, definition of problems for in• 
of : 1 acion, and clarification for the :iecision-m.aker 
vu th: nature of the 1mcertainties present and the 
of iJDates that m~t be made. Thus, the decision 
e.st c·oncept contributes to the <!uality of the 
tree k k decision a decision-ma er must ma e. 

9Rerational System for Decision-Makins 

An operational system for bridge structure re
habilitation or replacement decision-411aking is 
indicated by the flow chart, i .n Figure 2. The 
development of this working system can be described 
by the following: System Inputs, Constraints and 
Alternatives, Decision Criteria, Evaluation of 
Alternative-s, and System Output. 

System Inputs 

System inputs are dictated by various generated 
alternatives and by methods of evaluation used by 
the system. These system inputs can be described 
in the following general groups: 

Information frotn the Data Base. Information 
frOlll Tables 1, 2 and 3 is used to generate possible 
alternatives and to provide the basis for evaluation 
of options or alternatives available to the decision 
maker. 

Probability Estimates. A certain amount of un
certainty underlies all estimates, whether they are 
estimates of initial and subsequent costs or esti• 
mates of life expectancies. The cost of some types 
of work, such as replacing stringers, are easier to 
estimate with a reasonable amount of accuracy than 
others like gunite repair of deteriorated concrete 
arches. Further, it is pos~ible for any experienced 
decision-maker to reasonably estimate a probability 
for each probable state. These probabilities may 
be objective or subjective. Objective probabilities 
are derived frotn actual data. Subjective probabili
ties are derived by judginent, and reflect the engi
neer1 s estimation of the relative likelihood that 
a particular state would occur. For a decision• 
maker, expressing professional judginents over a 
range of values as probabilities is more accurate 
than simply using a single best estimate value. 

Cost Input11. The C'riterion of total overall 
cost ln tet"llls of present value is used in this work
ing system to indicate the preference for one option 
over others. The total overall coat ia the sum of 
the present values of design, construction, future 
expected maintenance and indirect coats. A number 
of coat inputs are, therefore, used by the working 
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system for evaluation of different available alter
natives. In s0tne cases, these inputs may include 
quantified estimates of economic, social or envir
onmental losses that may result. For a rational 
economic analysis, a discount rate or interest rate 
needs to be used to properly evaluate future bene· 
fits and costs. If necessary, statistical tech
niques can be used to arrive at a reasonable rate. 

Constraints and Alternatives 

The overall number of feasible alternatives is 
controlled or limited by a set of specified con
straints. These constraints can be located at vari
ous stages in the working system. All possible 
alternatives are analyzed and checked against these 
constraints. Alternatives are either accepted or 
rejected at these checks. In general, system con• 
straints and options are part of the decision-maker's 
decisions to generate a reasonable type and number 
of alternate solutions. But at certain times, these 
constraints can be actual physical limitations ad
vocated by conditions of site, design, and construc
tion. 

Decision Criteria 

The total overall cost, in terms of expected 
monetary value, expected opportunity loss or net 
present value, is chosen as the prime decision 
criterion for the selection of the optimal or near 
optimal decision strategies. Provisions for addi• 
tional future structural capacity and functional 
adequacy, safety and serviceability, and maintenance 
economics are some of the other criteria which may 
be relevant in some cases. 

Evaluation of Alternatives 

Any one of the methods, namely payoff matrix, 
opportunity loss table or decision tree, may be used 
by the decision-maker in the evaluation of alter
natives. In s0tne simple choice situations, the 
mental exercise in assessing each of the dimensions 
is sufficient to give the decision-maker insight 
into the problem so that the desired course o·f 
action will become obvious without further analysis. 
In general, the payoff matrix or opportunity loss 
table methods can be used in nearly all situations. 
Where sequential decisions are to be considered, 
the decision tree method should be used. 

Output 

The decision criteria included in the present 
operating system are not comprehensive enough to 
make final judgments. It is difficult to quantify 
the relative importance a decision-maker will as
cribe to various economic, social, environmental 
and experience values. Universally acceptable 
methods for quantifying such values are not avail
able at the present time. The output for decision, 
therefore, is arranged in a way that would assist 
the judgment of the decision-maker. An orderly 
structured set of alternatives and conclusions of' 
the evaluation process for each of the alternatives 
are produced in the foI'tll of a sU11111ary table. This 
is based on increasing order of the expected present 
value of total costs (see "Discussion of Illustra
tive Example). 
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I llus trative Exa!!!ple 

A 4-lane, 456 m. (1500 f ee t) long, steel girder 
type river bridge i• structurally deficient and in 
need of rehabilitation or replace111ent. Future pro
jections indicate the need of 2 additional lanes 
for ma•• traneit, 25 year• later. 

Available Alternatives: (all costs are in terms 
of present values) 

Alternative I. Immediate Limited Rehabilitation 
(Restrict Traffic) • ..••.••..• $ 250 , 000 
(Deck repair; replace railings, few 
stringers, etc.) 

Major Rehabilitation, 5 years later •• 
(New deck; replace other stringers, 
floor beams, joints; sidewalks; repair 
pier capa, beam seats, etc.) 

Widen the Bridge, 25 years later 
(Add 2 more lanes, recon•truct portiona 
of piers and abutments, etc.) 

Maintenance and Other Costs: 0-5 years@ 
$30,000/year ••••••.• 

6-25 years 
26-50 years 

Present Value of Total Costs for 
Alternative I . . . • • • • • • • • • • 

Alternative II . Illl!lediate Major 

3,500,000 

2,500 , 000 

150 , 000 
150 , 000 
450 , 000 

$ 7 I 000, 000 

Repair. • . • . . • . . . . . • $3, 750, 000 
(New deck, sidewalk• , railinga, 
stringers, floor beams, joints, 
repair pier caps, beam seats , etc . ) 

Widen the Bridge , 25 years later . • 2, 500, 000 
(Add 2 more lanes , reconstruct 
portions of piers and abutments, etc.) 

Maintenance and Other Costs: 0-25 years 225 , 000 
26·50 years 450 , 000 

Table 4. Pay-off Table (Time Span • 50 Years) 

Events 

Actual Costs 10% Below 
Estimated 

Actual Costs • Estimated 
Actual Coats 10% Above 

Estimated 
Actual Costs 20% Above 

Estimated 
Expected ~onetary Value 

(EMV) 

Rehab. Alternatives 
{in Dollars } 

~ A.lt . II 
-$6 ,300,000 -$6 ,232,500 

- 7,000,000 - 6,925,000 
- 7,700,000 - 7 ,617' 500 

- 8,400,000 - 8,310,000 

- 7,434,000 - 7, 354 , 350 

Present Value of Total Costs for 
Alternative II • $6 ,92 5, 000 

Alternative III. Immediate Removal 
of Existing Bridge and Replacement with 
Steel Plate Girder (CORTEN•Weathering 
Steel) Type Bridge and Substructure 
Provision for Future Widening. . . S,150,000 

Widen the Bridge for 2 additional 
Lanes at the end of 25 years 

Maintenance and Other Costs : 0•25 years 
26-50 years 

Present Value of Total Costs of 

1,100,000 

150,000 
250,000 

Alternative III . • . • • • . • • • . . $ 7, 250 , 000 

Alternative IV. Illlnediate Removal 
of Existing Bridge and Replacement with 
Segmental Post-tensioned Box Girder 
and Substructure Provision for Future 
Widening . . • • • • • • • • 5,500,000 

Widen the Bridge for 2 additional 
Lanes at the end of 25 years 1,100,000 

100,000 
200,000 

Maintenance and Other Costs: 0•25 years 
26•50 years 

Present Value of Total Costs of 
Alternative IV , $6, 900 , 000 

Additional Information 

Beyond 50 years, costs for all alternatives are 
approximately equal. 

Cost overruns in rehabilitation projects are 
very c OU111on . 

Estimates for replacement projects could be pre
pared with a high degree of accuracy. 

The two additional lanes of mass transit are not 
to be constructed at the present time. 

All cost estimates are in terms of present 
values, which have been arrived at by multiplying 
future costs with discount factors , for inflation 
and interest rates. 

Replace. Alternatives 
{in Dollars} 

Probability Probability 
of of 

Occurrence Alt. III Alt. IV Occurrence 
0.05 -$ 6, 525 , 000 -$6 ,210,000 o.os 

0 ,50 - 7,250,000 - 6,900,000 0.80 
0.23 - 7,975,000 - 7,590,000 0.10 

0.22 - B, 700,000 - 8,280,000 0.05 

- 7, 358, 750 - 7, 003 , 500 

Step 1: Alt. I: (-$6,300,000 x 0.05) + (·$7,000,000 x 0.50) + (•$7, 700,000 x 0.23) + (·$8,400,000 x 0.22) ~ 
$7,434,000 

Step 2: Beat expected monetary value (EMV) • towest expected total cost, i.e., $7,003,500 or Alternative IV. 

r 



fable 5 • 
opportunity Loss Table (Time Span • 50 Years) 

Events 

Actual costs 10'7. Below 
estimated 

Actual costs • Estimated 
Actual costs 10'7. Above 

Estimated 
Actual Costs 20% Above 

Estimated 
Expected Opportunity Loss 

(EOL) 

Rehab. Alternatives 
(in Dollars) 

Alt. I Alt. II 
$ 90,000 $ 22,500 

100,000 25,000 
110,000 27,000 

120,000 30,000 

$106, 000 $ 26,435 

Step l: consider in the event that actual costs 
are 10% below estimate: The best alter
native is Alt. rv. 

Opportunity loss in selecting: 

Probability 
of 

Occurrence 
0.05 

0.50 
0.23 

0.22 

Step 2: 

29 

Replace. Alternatives 
(in Dollars) 

Alt. III Alt. 
$315,000 -o-

350,000 -o-
385,000 -o-
420,000 -o-

$355,250 -o-

rJ 

Probability 
of 

Occurrence o.os 
0.80 
0.10 

0.05 

Alt. I - EOL • ($90,000) (0.05) + 
($100,000) (0.5) + ($110,000) (0.23) 
+ ($120,000) (0.22) • $106,200. 

Alt. I• (-$6,210,000) - (-$6,300,000) • $ 90,000. 
Alt. II• (-$6,210,000) (-$6.232,500) • $ 22,500. 
Alt. III. (-$6.210,000) - (-$6,525,000) - $315,000. 
Ale; IV• (-$6,210,000) - (·$6,210,000) • 0. 

Step 3: Best Expected Opportunity Loss (EOL) 
• lowest expected opportunity loss, 
i.e., $0 or Alt. rJ. 

Negative signs indicate costs. 

Figure 1. Decision Tree 

NPV 
-$ 7 .23045M 

Alt ; 
III 

Alt. 
rJ 

- 3.6450M P-0.05 

- 4.7700M P.0 .22 

- S.3100M P-0 .05 

- 5.9000M P..0.80 

- 6.4900M ?-0.10 

- 7.0800M P-0.05 

- 5.0400M P-0.05 

- S.6000M P.0.80 

·$6 .1600M P-o.10 

• 6.7200M P-o.05 

ROLLBACK 

0.2 
0.5 
0.3 

$-3 • 009M . .------2=-•:.;:3.;:..6 _____ '""""'.2::.. 
-2.95 0.5 
-3. 54 0.3 

(NPV)l ROLLBACK 

I 
I ___ --- --- --·--, 

$-3.009M -2.36M 0.21 
~---=-.,,,;i.L..--.lLwl 

0.3 I 

0.31 ...._ __ _,;:~~--~;=., 

r-- - - - --- ----
1 
L -----------., 

$ •3. 009M ·2.36 0 .2 I 
- .9 I 
- .54 I 

$-3 • 009M .---·.=.2.:.:.3~6;...... _ _,._0 =·2 I 
-2 .95 o.s' 
-3.54 0.3, 

r---- - - - -- - - _ _J 
1 
'------------

$-l.377M ·1.08 0.11 
- • 5 I 

$ • 1.377M . .,. __ ·1;.:•:.;:0o::,8 __ ...;0,...:.:.l I 
-1. s o I 
-1.62 o .2 I 

,- - - - - - - - - - - --1 
I 

L. T-~3UM- - -:. - - - --, 

0-25 years ___ .,.,._ ___________ 26-50 years ------------t~ 

Key: 0 Decision Point Q Chance Event: NOTE: Alt. r.J: Highest (NPV) 

Typical calculation: Alt. II: (NPV) • • ((2 .36 x 0.2) + (2.95 x 0.5) + (3 .54 x 0.3)) Ma $3.009M 
(NPV) ••((3.5775 + 3.009)(0.05) + (3.~75 + 3.009)(0.50) + (4.3725 + 3.009)(0.23) + (4.77 + 3.009)(0.22),M 
• $7.23045 million. J 
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Figurw 2: FLOW CHART OF DECISION-MAKING SYSTEM 

Discussion of Illustrative Example 

Tables 4 and 5, as well as Figure 2, indicate 
Alt. rv as the optimal or best alternative. Further, 
all alternatives can be tabulated in increasing 
order of present value of the total costs. The 
decision tree brings out two-stage nature of the 
decision. It uses two separate sets of probability 
values to reflect increased uncertainty of future 
costs. Further, it helps a decision-maker match 
available alternatives with preaent and future 
sources of funda. For example, an agency with ex
tremely limited pre1ent funds may wish to select 
Alternative I and defer major capital outlay to a 
future date. When financing coats are expected to 
remain high for more than five years, an agency may 
wish to 1elect Alternative II. When funds are 
available and preaent financing costs are reasonable 
but expected to rise sharply, an agency may wish to 
select Alternative rv. 

Events: Experience indicates the general range 
of actual coats of bridge projects to be 107. below 
to 207. above the estimated costs. For simplicity 
of illustration, indicated events were selected. 

Probabilitiee: 107. or 207. cost-overruns for 
rehabilitation projects are considered equally 
likely, but about half as likely as event of no 
overruna. Accuracy of replacement estimate• is 
conaidered high. Probabilitiea of occurrence have 
been set accordingly. For deciaion-tree, probabili
ties of events a1sociated with the second decision 
are adju1ted for increased uncertainties of the 

future. In case of genuine differences of opinion 
about selected probabilities, sensitivity analysis 
with different sets of probabilities can be used 
to examine the optimality of the decision. 

Expected Opportunity Losses are also costs one 
could incur to obtain perfect information. It 
indicates the maximum amount of money that could be 
spent to predict an outcome with absolute certainty 
(8). For example, a decision-maker could detel'llline 
the amount he could spend in ultrasonic or other 
testing to make estimates of rehabilitation with 
certainty. 

Conclusion 

This paper has presented a systems approach to 
the difficult bridge structure rehabilitation or 
replacement decision-making. The decision-maker 
can 11lect a 1uitable method for evaluation of 
different alternates based upon special requir11111ents 
of individual situations and future implications of 
decisions. This system is simple, adaptive, and 
the decision process is easy to control. The 
decision-making process based on systems approach 
can be utilized manually for smaller and simpler 
investment decisions or can be computer based for 
large and complex investment decisions. It can be 
easily adapted to the needs and desire1 of the 
decision-maker, and can be no more difficult 'or 
involved than the decision it1alf. 
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SYSTDIS APPROACH TO BRIDGE STRUCTURE REPLACEMENT-PRIORITY PLANllIHC 

Arunprakaah M. Shirole', P.E., City of Minneapolia 
J ... a J. Hill, P.E., Minneaota Department of Tranaporta tion 

Thia paper preaent• a syatema approach to the 
bridge structure replaceaent-priority planning. 
Structural condition and functional adequacy; 
safety; easentiality to traffic and other cri
teria for setting replacement priority are de
veloped and evaluated. Budgetary, environmental, 
developmental, policy and other constraints on 
the replacement priority are identified and an
alyzed for their poasible impact. A quantita
tive methodology is developed, baaed upon assign
ment of weights to the rated criteria and la 
illuatrated step by atep through a flow chart. 
Guidelines are provided to easily adapt use of 
this methodology to meet the needs of an indi
vidual area or policy, for a rational determina
tion of long-range programming. 

In recent years, the number of structurally de
ficient and functionally inadequate bridges has in
creased at an alarming rate. This increased number 
has made it imperative for agencies responsible for 
bridges to include bridge-replacement, in a major 
way, in their planning and programming process. A 
logical, consistent and comprehensive evaluation of 
an agency's bridge-replacement needs thus become• 
necessary, not only to accomplish a rational and 
equitable distribution of limited public funds but 
also to ensure public safety. The system• approach, 
based upon use of factwal data, can facilitate such 
a logical, consistent and comprehensive evaluation. 

Syatema Approach 

The aystem for replacement-priority planning can 
be described as a step-by-step procedure following 
clearly defined guidelines to accomplish the pri
ority planning procesa (see Fig. 1: Flow-chart). 
A comprehensive formulation of the priority planning 
proceas; characterizing various structural, func
tional, safety, traffic-related, economic and other 
aspects; is described by the following: Objectives , 
syatem inputs, criteria, constraints, evaluation and 
system output. 

32 

NEED ANALYSIS 

!STABLISH OBJECTIVES 

DEFINE SYSTEM 

System Inputs, Criteria, Conatrainta 

DETERMINE METHOD OF EVALUATION 

EVALUATE FOR PRIORITY 

ESTABLISH PRELIMINARY PRIORITY LIST 

REVIEW PRELIMINARY PRIORITY LIST 

FOR BUDGETARY, ENVIRONMENTAL 

AND OTHER CONSTRAINTS 

ESTABLISH FINAL PRIORITY LIST 

Figure 1. System flow chart for bridge replacement 
priority planning. 
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Table 1. Bridge replacement-priority rating. 

Number of Poin ts 
Individual Range for 

IteJD Sub-category Category 

I. Structural Condition and Funct.ional Adequacy: (from Table 2): 0-40 

a. Estimated Remaining Life 
b. Structural Condition Appraisal 
c. Deck Width 
d. Approaches and Alignment 
e. Overclearances 
f. Underclearances or Waterway Adequacy 

II. Safety: (from Table 3): 

a. Safe Load Capacity 

0-5 
0-15 
0-5 
0-5 
0-5 
0-5 

0-16 

0-25 

b. Safety Appraisal (Frequency and Type of Accidents, % Correctible, 
User Complaints, Potential Hazards) 0-9 

III. Essentiality to Traffic: (from Table 4) 0-35 

a. Traffic Demand (Present & Projected A.D.T., Peak Hour Traffic, 
Volume/Capacity ratio) 0-16 

0-8 b. Area Served (Planned or Projected Development) 
c. Alternate Route (Length@ Average apeed •..• , Access to Metro

scale or similar facility, Link in Commercial and Industrial 
network of Ou~-atate Significance) 0-8 

0-3 d. Road System 

RATING 

Objectives 

Objectives of this systems approach are to eval
uate and rate the relative importance of all bridge 
structure replacement needs on the basis of clearly 
defined criteria and constraints, and arrive at a 
bridge-replacement priority list. The ultimate aim 
of this systems logic is to take into account all 
those aspects that truly influence the optimal or 
near optimal use of public funds. 

Syatem-inputs 

An up to date and complete data-base (Tables 1, 
2, 3 and 4) shall provide inputs for a rational re
placement-priority planning. These system inputs, 
which utilize basic inventory and inspection data, 
are divided into the following sections: 

Structural Condition and Functional Adequacy. 
Annual physical inspection reports by qualified 
staff provide information about estimated remaining 
life of the existing structure, condition of its 
superstructure (i.e., deck, stringers, etc.) and 
substructure (i.e., abutments, piers, and footings). 
Further, these reports indicate the type, extent, 
estimated coats of needed improvements, and replace
ment cost; as well as data for appraisal of deck
width, approaches, alignment, clearances and water
way adequacy. 

Safety. The safe load carrying capacity (@ O. 75 
of yield stress) and safety appraiaal of the exist
ing structure is given in this section. It pro
vides information about frequency and type of acci
dents related to the structure, potential hazards, 
percentage of hazards and causes of accidents that 

0-100 

are correctible, as well aa user complaints. 

Easentiality to Traffic. This section provides 
information about the present and projected Average 
Daily Traffic, Peak-hour traffic, and volume/capac
ity ratios. Further, it provides information about 
area served by the existing bridge, which is deter
mined by using origin-destination studies (i.e., 
planned or projected development of the area and 
effect on its tax-base); alternate route (i.e., its 
length and impact on travel time or energy use); 
and the road-system (i.e., relative importance in 
overall transportation network). 

Criteria 

Criteria for developing a bridge replacement
priority list are factors or types of conaiderations 
that go into comparison of existing bridge struc
tures. The first group of criteria relate to stru~ 
tural condition and functional adequacy of bridges. 
Estimated remaining life sets the time limit within 
which the bridge replacement is desired. Structural 
condition is compared on the basis of the ability of 
a structure to perform according to present accept
able standards. Comparison of deck-widths is based 
on the latest AASHTO (or equivalent) recommendations 
(.!_,l_,1,1·~). Criteria for acceptable approachea and 
alignment relate to their effect on traffic flow and 
may influence early structure replacement. Over
clearances, underclearancea and waterway adequacy 
are judged against the current minimum AASHTO (or 
equivalent) rec011111endations (1,2,3,6). The second 
group of criteria relates to safety-aspect of bridge 
structures. Criteria for safe load capacity are 
baaed upon legal vehicle loads. Safety of a struc
ture is appraised on the baaia of frequency and type 
of accidents as well as hazardous conditions and 
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their extent of correctibility. The third group of 
criteria pertains to eaaentiality to traffic. Struc
ture• are compared on the baais of their ability to 
meet traffic d-d in tam. of present and projected 
average daily (aa well .. p .. k-hour) traffic and 
traffic volU11e/capacity ratioa. Planned or projected 

development of the area served by the bridge in tel'm8 
of projected increase in its tax-base ia used as a 
criteria for comparison. Alternate routes are com
pared on the basis of their lengths. Finally, the 
road systema are evaluated on the basis of their illt
portance in the overall transportation network. 

Table 2. Structural condition and functional adequacy. 

a. ElltimAlted Remaining Life ("L" in years): . . • • • . . • . . . • • • • • . . • 

L > 20 years 
16 years :s L :s 20 years 
11 years ::: L :s 15 years 

6 years :s L :s 10 years 
L :s 5 years 

b. Structural Condition Appraisal: 

Good: Meets present requirements 
Fair: Needs minor improvements (@ costs 5% of replacement cost) 

to meet present requirements • . . • . • . • . . . 
Fair to Poor: Does not meet present requirements, needs major improvements 

(@ costs 5% but 25% of replacement cost) to maintain in 

Poor: 
full service •••.•.••..••.•••.•.•.••. 
Does not meet present requirements, needs major improvements 
(@ costs 25% of replacement cost) to maintain in limited 
service 

.£· Deck-width: 

- Meets present desirable (i.e., better than AASHTO recommended or equiv
alent) requirements • . . . . . . • . • • • • . • . . . • . • . 

- Meets minimum (AASHTO rec011111ended or equivalent) requirements 
Does not meet minimum (AASHTO recommended or equivalent) requirements, 
but can be brought up to meet these requirements • . . • . . . • . . . 
Does not meet and cannot be rehabilitated to meet the minimum (AASHTO 
recommended or equivalent) requirements . • • • , . • • . . . . 

Note: Stable traffic flaw with operating design speeds >65 kmh (40 mph): 
Desirable: 3.66 m.(12')/lane + 1.83 m. (6') distance from outside traffic 
Minimum: 3.66 m.(12 1 )/lane + 0.61 m. (2') distance from outside traffic 

(not less than 9.75 m. (32 ft.) for 2 lane undivided roadway) 
Unstable traffic ·flow with operating speeds< 65 kmh (40 mph): 
Desirable: 3.66 m.(12')/lane + 0.61 m. (2') distance from outside traffic 
Minimum: 3.35 m.(11')/lane + 0.61 m. (2') distance from outside traffic 

Note: Sidewalk Widths: Desirable - 1.83 m.(6 ft.), Minimum - 1.22 m.(4 ft.) 

d. Approaches and Alignment: 

- Do not adversely affect traffic flaw 
- Slow dawn peak-hour traffic 
- Slaw dawn traffic flow and affect Average Daily Traffic (ADT) 
- Slaw down traffic flow, affect ADT and create traffic hazards which lead 

to accidents . . . . . . . 

e. Overclearances (vertical and hori:i:ontal): 

- Meet desirable (i.e., better than AASHTO minimum, or equivalent) requirements 
- Meet minimum (AASHTO or equivalent) requirements 
- Does not meet, but can be brought up to, minimum (AASHTO or equivalent) 

requirements • . . . • . • • • • • • . . . . • . 
- Do not and cannot be brought up to meet minimum (AASHTO or equivalent) 

requirements • . • . • , • • 

f. Underclearances (vertical and horizontal) or Waterway Adequacy: 

- Meet desirable (i.e., better than AASHTO minimum underclearances or 
100-year flood capacity plus 0.30 m.(l ft.) freeboard) requirements 

- Meet minimum (AASHTO underclearances or SO-year flood capacity with 
0. 30 m. (1 ft.) freeboard) requirements . • • • • • • • • • • • • 

- Do not meet, but can be broua;ht up to above mini.mull requirtlllents 
- Do not and cannot be brought up to meet above minillull requirement• 

Rating 

0-5 points 

0 point 
1 point 
2 point a 
4 points 
5 po inti 

0-15 points 

0 point 

5 po in ta 

10 pointa 

15 points 

0-5 pointa 

0 point 
1 point 

3 points 

5 pointe 

lane edge to ob1truction. 
lane edge to ob1truction. 

lane edge. 
lane edge to obstruction. 

0-5 points 

0 point 
1 point 
3 points 

5 points 

0-5 points 

0 point 
1 point 

3 po in ta 

5 points 

0-5 pointe 

0 point 

1 point 
3 po in ta 
5 poin1:1 

~. 

t 
t 

l 



Table 3. Safety. 

a. Safe Load Capacity (in WL, grosa weight): 

Closed to Traff~c: 

Two Axle Vehiclaa Three Axle Vehicles 

l. 
2. 
J. 

3 tons :: WL < 8 tons 

8 tons :: WL < 15 tons 

15 tons !!: WL < Legal 

Legal !!:WL 

WL < 12 tons 

12 tons !> WL < 18 tons 

18 tons ::5 WL < Legal 

Legal !> WL 

4 AASIITO H-15 and H-20 Trucks •4 AASHTO HS-15 and ~S-20 Trucks . 
AASHTO 3S2 and 3-3 . 

Four or Hore Axle Vehicles 

WL < 12 tons 

12 tons ::5 WL < 27 tons 

27 tons ::5 WL < Legal 

Legal ::5 WL 
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0-16 points 

16 points 

12 to 14 points 

8 to 11 points 

4 to 7 points 

0 to 3 points 

4. Use equivalent legal vehicle weights, if different. 

b. Safety Appraisal: 0-9 points 

- No recorded accidents/no obvious hazards noticed or reported 0 point 
- Accidents with minor vehicle damage reported/some hazards noticed and 

reported; hazards and causes completely correctible ..••.•••• 2 points 
- Accidents with vehicle and structure damage, and bodily injury reported/ 

some hazards noticed and reported; hazards and causes completely 
correctible . . • . • . • • . . . • • • • • • . . • • • . • • • • • • • 4 points 

- Accidents with vehicle and structure damage, and bodily injury reported/ 
some hazards noticed and reported; hazards and causes partially (i.e., 
50% or less) correctible . . . • • • . • . • . • . • • • . • . • , • • • 6 pointa 

- Accidents with vehicle and structure damage, and bodily injury reported/ 
some hazards noticed and reported; correction of hazards and cauaes 
economically not feasible, warrants replacement . . • . • • • • • • • • 9 points 

Constraints 

Various types of constraints or limitations gen
erally control the bridge replacement priority plan
ning process. The first group of constraints is of 
economic or financial type. Present and projected 
future available funds for a certain category of 
bridges can influence an early replacement of a lower 
rather than a higher priority bridge. A second group 
of constraints is environmental and local political 
factors, which have become prominent in recent years. 
Legitimate concerns of neighborhood groups can ef
fectively prevent a bridge-replacement. The third 
group of constraints pertains to the consistency of 
the replacement priorities with local plans, civil 
defense needs and policies of the agency responsible 
for bridge replacement. Requirements of unusual 
length of construction periods that would unfavorably 
affect the economy of the area can influence prior
ity. Finally, emeraency situations, like accidents 
and failures as tbey davelop can influence and change 
the replacement priorities. Experience has indicated 
that any of these constraints can move a bridge up 
or down on the replacement-priority list. 

Evaluation 

The method of evaluation devised for arriving at 
priorities for bridge replacement are based upon a 
form of numerical evaluation of factors that inf lu
ence bridge-replacement. Such rating procedures have 
been proved to be the most satisfactory, realistic 
and factual means of evaluating highway needs and 
progr1111m1ing improvements (7). The factors pertinent 
to bridge replacement are grouped into Structural 

Condition and Functional Adequacy, Safety and Esaen
tiality to Traffic. Points are assigned to these 
groups in the order of their importance. Table-l 
indicates assignment of these points. 

In assigning points to factors in the first 
group, structural condition and estimated re111&ining 
life are given fifty percent of weight of the group. 
The structural condition appraisal is based upon 
maintenance-economics. Deck-width, approaches and 
alignment, overclearances, underclearances and water
way adequacy are weighed equally. Table-2 indicates 
assignment of these points. In the second group, 
Safety, about two-thirds of the weight in assigning 
points was given to the safe load carrying capacity, 
since it is the single most important factor in 
bridge replacement. Table-3 indicates assignment of 
points for this group. The traffic demand is con
sidered the most important factor in the Essential
ity to Traffic group and is assigned about fifty 
percent of the weight. Minor weight was given to 
the Road System while area served and alternate route 
were weighed equally. Table-4 indicates assignment 
of points for this group. 

A preliminary list according replacement prior
ity is the outcome of this stage of evaluation pro
cess. The preliminary list is then reviewed for 
budgetary, environmental and other constraints, dis
cussed earlier. This review process will result in 
the final list of bridge replacement priority. The 
weights assigned in Table-1 can be changed to adapt 
to an individual agency's policies, such as poli
cies to upgrade all bridge crossings to meet mini
mum legal requirements. Further, this systma can 
be adapted to prepare separate replacement-priority 
lists for bridges on certain classified routes in 
order to utilize specific sources of funds. 
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Table 4. Eaaentiality to traffic. 

a. Traffic D..and: ...... . . . . . . ... .. . . . .. . .. . . ... ... . . . . 
Preeent Bridae: 
- Will 1atiafy projected (10-year) Average Daily Traffic (ADT) and peak-hour 

traffic, with no adverae effect on traffic flow . . . . • • . • • 
- Will aatiafy projected (10-year) ADT and present peak-hour traffic, with 

no adverse effect on traffic flow • • . . • . . . • . . . 
- Satiafies present peak-hour traffic and ADT, (Present peak-hour traffic 

vol11111e/capacity • 1 or leas) •.••••.•••...•.• 
Satisfies present ADT, (Preeent ADT vol11111e/capacity • 1 or less) 

- Doea not aatiafy preaent ADT of the route and haa adverae effect on 
traffic flow, (Route ADT vol11111e/capacity>l) 

b. Area Served: 

- No appreciable area tllll-baae increase (< 10% of preaent tax base, in real 
values) projected in 10 years 

- Moderate area tax-base increase (10% - 50% of present tax-baae, in real 
values) projected in 10 yeare • • . . . . •.•. 

- Considerable area tax-base increase(> 50% of present tax-base, in real 
values) projected in 10 years 

c. Available Alternate Route: 

- Alternate newer or better direct acceea to metro-acale or similar facility 
ia available, and/or better alternate link(a) to c01111ercial and industrial 
network of out-state significance is available. (Alternate route length 
< 1.6 km@ 32 kmh (1 mile @ 20 mph) average, or< 4 km @ 80 kmh (2.5 miles 
@ 50 mph} average or equivalent) . . . . • • • • • • . • . . • • . . . • 

- Alternate access to metro-scale or similar facility is available, and/or 
alternate link to c011111ercial and induetrial network of out-etate signif
icance is available. (Alternate Route length< 8 km @ 32 kmh (5 miles @ 
20 mph) average, or< 20 km@ 80 kmh (12.5 miles@ 50 mph) average or 
equivalent) • . • . • . . . . . . • · · . • . · · • · · • • • · · • • 

- No direct access to metro-scale or similar facility, and/or no alternate 
link to coDD11ercial and industrial network or out-state significance is 
available. (Alternate Route length< 8 km @ 32 kmh (5 miles @ 20 mph) 
average, or<20 km@ 80 kmh (12.S miles@ 50 mph) average or equivalent). 

d. Road System: 

- Non-municipal and non-county State-Aid Roads 
- Municipal or County State-Aid Roads . . . . • 
- Interstate or State Highwaya and Federal Aid Urban Roads 

0 point 

3 points 

7 points 
12 po in ta 

16 points 

0 point 

4 point& 

8 points 

0 point 

4 points 

8 points 

1 point 
2 points 
3 points 

0-16 points 

0-8 points 

0-8 point a 

0-3 points 

System-Output 

This consists of a preliminary and the final 
bridge replacement-priority list in decreasing order 
of final rating points. The agency responsible for 
bridge replac .. ent can utilize this priority list in 
its planning and progrllllming process. 

portation Officials. A Policy on Design of Urban 
Highways and Arterial Streets. Washington, O.C., 
1973. 

Conclusion 

This paper has presented a syetems approach to 
the difficult bridge structure replacement-priority 
planning. The approach is comprehensive in that it 
goea beyond the structural sufficiency to include 
consideration of all relevant factors. The numerical 
rating system devised makes an objective evaluation 
possible. Thia system is simple, uaea linear inter
polation, and is easy to understand. Further, it is 
adaptable and its results are easy to co11111unicate. 
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WHAT HAS BEEN LEARNED FRCM THE FIRST PRESTRESSED crnc. BRID'.iES-REPAIR OF SUCH BRID'.iF.S 

Heinz P. Koretzky, Pennsylvania ~partment of Transportation 

Engineers often wonder to what extent proto
type structures have lived up to their _expectations. 
As examples, old construction of the Walnut Lane 
Bridge, Amdeck section, and one other structure 
which showed signs of distress over the years will 
be illustrated. The speaker will discuss the 
apparent background and reasons for such a dis-
SI'ess plus the improvements which may be made to 
make such effects less severe. Also, methods of 
repair and what has been learned from these old 
designs will be described. The lecture is support•• 
ed with many color slides and viewgraphs which 
depict old construction details and the in-
creasing severity of distress. Accidental damages 
caused by vehicles on three different types of 
prestressed bridge superstructures are also illus
trated. 

History 

Modern use of commercial prestressed concrete 
was introduced by E. Freyssinet of France, who in 
the late 1920's started using high strength steel 
wires for prestressing. (1) Although others before 
him worked on, designed, or received patents on 
prestressing systems, it was Freyssinet who ident
ified the conditions and established the parameters 
1.U1der which it is possible to assess strains in 
concrete, and clarified methods to apply a pre
stress force which give the predicted strains. (~) 

Use of ?restressed Concrete in North America 
started at the beginning of the 1950's. The 
structure most often mentioned in magazine articles 
and in text books is the Walnut Lane Bridge in Phil
adelphia which was conceived in the late 1940's. 

There are several claims for the position of 
"first" in prestressed concrete bridges. Accord
ing to the Engineering News Record, (3) the first 
prestressed bridge was completed in <S::tober ~950 
i n Madison County, Tennessee. Ch the other hand, 
PennDOr records reserve this distinction for a 
bridge near Hershey in Pennsylvania, and also for 
the Walnut Lane Bridge in Philadelphia, Pennsyl
vania, 

However, these claims to fame can be divided 
into different phases, i.e.: being first in pre
stressed concrete bridge design, start of con
struction, completion of construction, and opening 

t 0 traffic. When exarrdng the facts closer, each 
of these claims is bona fide and can be supported 
for the following technical reasons: 

Walnut Lane Bridge 

Located in Philadelphia, Pennsylvania. This 
is the first prestressed (post tensioned) bridge 
in the USA using site cast I girders (bulb T type, 
with wide top-flange). 

Main span ~irders 48,8 m (160 rt.) 10118, 2 m 
( 6 ft. - 7 in-.) deep and weighil'l8 122 mg (13 5 ton~ 
each were cast on top of 15.2 m (50 ft. high) false
work and piers. The center span girders are pre
stressed by 4 parallel wire cables,_ each. cable 
consistil'l8 of 64 wires, each wire .? 11111 (,276 inch) 
in diameter and stressed to 862 kPa (125,000 psi), 

Two cables were parabolic and t'.10 straight. 
The girders have 8 web stiffeners (l) and are 
assembled to form a superstructure which would now 
resemble an adjacent AASHTO, Type VI Beam Super
structure. 

An interestil'l8 sound movie had been prepared 
by the Portland Cement Association, a copy of 
which was still available from the PCA a few years 
ago. 

Construction of the first main span girder, 
which was test loaded under the supervision of 
Professor Gustave Magnel (1) tG destruction 
under a force of ten times the design live load, 
began in the fall of 1949. After the successful 
load test of this girder, construction of other 
girders started and continued through the winter. 
The deck was completed in the fall of 1950, The 
bridge was opened to traffic in February 1951. (,?.) 
Fig. 1. 

Madison County Bridge 

Located in Tennessee, this structure used 
beams assembled from precast concrete blocks com
pressed to form a monolithic unit by tensioning 7 
wire galvanized strands. 

'!'his pioneeril'l8 structure consists of a cast
in-place concrete deck carried on 6.1 m (20 rt.) 
and 9 .1 m (30 ft.) beams placed side by side. Vt) 
The beams were built up of 20.3 x 40,6 x 30.5 cm 
(8 x 16 by 12 i nches) deep, machine made hollow 
concrete blocks, which were battered on opposite 
sides with mortar and threaded on tensioning cable." 
(This tensionil'l8 work for the multiple span bridge 
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was done 'by the county highway maintenance crews.) 
"Cable are 7 ·!lire bridge strands with anchor 

fittings made by John Roebling's Sons Co. at both 
ends. Tensioning was done with hydraulic jacks. 
The first day 1 an initial. tension of 4536 kg 
(10 1000 lb.) per strand was applied and the mortar 
allowed to set overnight. The next day, a final 
prestress of 1179'.3 kg (26,000 lb.) was applied, 
giving the strands a .prestress of about 862 kPa 
(125,000 psi). 

Fabricated in the field by the county mainten
ance cre1., in three days, the beams were erected 
and the bridge opened t o traffic in less then two 
weeks after construction began." (./i) 

Designed by Ross H. Bryan and Culver B. Dozier 
and built in October 1950, this bridge was heralded 
as opening up a new market. (Fig. 2) 

Figure 1. Walnut Lane Bridge, Philadelphia. 

<IU..,,(lfO'! 
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Walnut Looe Brid9e 

Figure 2. Madison County Bridge, Tenneesee. 
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Hershey Bridge 

Located in Pennsylvania, "In December, 19511 

pretensioning t ook a bow in the United states, when 
a 7 .3 m (24 ft.) span-eonsisting of rectangular 
beams laid side by side to form a. 6. 7 m (22 ft .) 
roadway-was erected near Hershey, Pennsylvania."l!V 
(,'.l) 

One of the pretensioned prestressed concrete 
bridge members was test-loaded to destruction 
May 20, 1950 at the Pottstown Plant of Concrete 
Products of America (which was the longest con
tinuously· operating prestressing plant in the USA 
until it ch~ed ownerships; first to American
Marietta Co. {Martin Marietta Co . then to Pottstown 
Newcrete) . Another beam was fa~~~ue-loaded at 
Lehigh University, July 1951. (!QJ 

It is interesting that, since May 1947 1 this 
plant had fabricated ?recast Reinforced Concrete 

Channel beams for Pennsylvania, and then switched 
over to prestressed concrete bridge beams in 1950. 

According to Pennoor records this first bridge 
had a clear span of 7.9 m (26 rt.) and is 7.3 m 
(24 ft.) wide. (Fig. 3) 

Figure J. Hershey Bridge, Pennsylvania. 
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HERSHEY, PA. BRIDGE 

What does a short selective history of USA 
prestressing tell us? It says that when a good 
idea such as prestressing comes along and the time 
is right, many will have sintiJ.ar ideae. 

In sunrnary, the Walnut Lane Bridge was the 
first cast-in-place post tensioned concrete bridge, 
completed in the Fall of 1950 and opened to traffic, 
February 1951. First beam was load t ested, Fall of 
1949 . 

The Madison County Bridge was the first seg
mental precast post tensioned concrete block 
bridge, completed Fall of 1950, and opened to 
traffic, October 281 1950. 

The Hershey Bridge was the first precast pre
tensioned concrete box beam bridge, and was com
pleted December 1951, and a test beam was load 
tested May 20, 1950. 

I th~ that it really does not matter who was 
first in designing a prestressed bridge, or who 
was first in building a prestressed bridge beam, 
or who was first in test loading such a bridge 
beam, or first in completing a prestressed bridge 
or who first had traffic on it: what matters is 
that each bridge of the thllee precedent-setting 
bridge ~ypes represent a pioneering effort in 
bridge construction. Such effort was only possible 
~Y the pooling of the efforts of many talented eng
ineers, contractors, material suppliers , anq govent
ment officials, who added to and converted European 

Similar Ideas 

Such bridges remain a monument to progress. We 
now know in which direction the technology esta
blished by these pioneers developed, and what use 
is still being made today of the bridge systems de
veloped by them, as well as new direction the 
prestressed bridge technology has taken. 

Design-Construction-Fabrication 

It should be understood that only two of t.he 
3 bridge types which received early prominence 
withstood the test of time. Repeated use of 
those systems was made after their initial intro
duction. 

Early standards began developing in the early 



50•s, soon a.t'ter engineers thought they had a vi
able product. 

It is interesting to note, that of the two 
surviving bridge t~s, . the I-beam Walnut Lane 
Bridge consisted of large heavy field-cast bridge 
members, which were field post tensioned, while 
the box beam Hershey Bridge !Bii plant-fabricated, 
and pretensioned, and was, in eompar1.s~ much 
lighter in weight. 

Design 

The first standards were developed by the box 
beam fabricator, the Concrete Products Company of 
America. Standards dated November 16, 1951 and 
August 19, 1952 were distributed showing adjacent 
box beams with circular voids for clear spans from 
5,5 m (18 ft,) toll m (36 ft.) in .6 m (2 ft.) 
increments; and Standards dated December 17, 1951 
and subsequent revision showed 83 ,8 cm (33 in.) 
deep beams with spars from ll.6 m 08 rt.) to 15.2 m 
(50 ft.), also with circular voids. 

This plant was purchased by the American
Marietta Company, which expanded upon those Stand
ards and issued their famous Amdek Standards, dated 
December 30, 1955, which had wide distribution at 
the time. Standards showed all necessary details 
to build the beams including the number of .95 cm 
(3 /S in.) strands. These Amdek Standards were 
further expanded in 1957 and 1959 by American
Marietta Company. 

I-beam standards were proposed by the Prestress
ed Concrete Institute for acceptance under the 
auspices of the "Joint COlll!littee, American Assoc
iation of State Highway Officials Corrmittee on 
Bridges and structures, and· Prestressed Concrete 
Institute". (printed in 1963, with standards 
enclosed which were dated 1961) 

IAJ.ring the period from 1958 thru 1962, efforts 
to establish Industry, Statewide or Regional 
standards proliferated. 

As a typical example, I show the national de
velopment of Standards by the U.S. Bureau of Public 
Roads. 

Issues were 1956 (ll), ~une 1962 (12), August 
1968 (1,J), and January 1976 (~). -

The Federal Standards are in some aspects 
different from the various State Standards. The 

.difference is generally in the section/wall thick
ness in box beams, webs or flange configuration 
in I-beams, or different minimum reinforcement. 
This difference is readily explained because some 
Regional State Standards were developed earlier 
then Federal Standards and took precedence in their 
respective regions since fabricators had already 
invested in forms and turned out successful pro
ducts. 

Construction 

The most frequently used prestressed bridge 
stringer systems for prestressed concrete bridges 
are the I-systems (Walnut Lane Bridge) and the box 
beam system (Hershey Bridge). _ 

It must be remembered that both systems were 
properly designed with a more than adequate factor 
of safety when they were initially conceived and· 
that, as an additional safe guard they were sub
jected to test loadings. They were only used on 
an actual structure after they successfully passed 
the tests. 

In the early stages of prestressed concrete de
velopment in the United States, the prevailing de
sign philosophy was that "because t.he concrete was 
prestressed" it will remain crack free. This phil
oeophy was also expressed in some literature cir-
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culating' at that time. Because ot this, the e:t"fecUI. 
of temperature (temperature reinforcing) and s~ 
age were often neglected. Furthermore, ~here may 
have been less attention given to prestressed losses 
than would be given today artd in addition, the 
assumption that net compression could be main
tained throughout the section ;.fas overly optimistic, 
since the determination of the effect of force re
duction caused by losses was not as sophisticated 
as today's methods, therefor~ resulting in an over 
estimation of the remaining prestressed forces. 

Also, we must recall that s.t the time of con
struction (1950) as well as through the following 
decade, concrete placement was a problem. This 
was obviously the case with the Walnut Lane Bridge. 

If you look at the various construction slides, 
you receive an overall vl.ew of the conditions pre
vailing at that time. 

Slide 1. Shows general view of midlpM of Walnut 
Lane Bridge • 

Slide 2. Depicts bottom view ot Walnut Lane Bridge 
showing close intermediate diaphragm 
spacing, 

Slide 3. Illustrating closeup of intermediate dia
phragms showing weight reduc~ holes in 
endspans of Walnut Lane Bridge. 
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It should be noted that the bridge waa bein& 
constructed f or the City of Philadelphia and now 
is owned by t he Pennsylvania Department of Trans
portation. 

Slide 4. Shows portions of the original falsework 
of the Walnut Lane Bridge includin& main
tenance of traffic. 

---- -·---· 

_,.:: ·_ 

Slide 5 • Shows a different view of the same false
work. 

Slide 6 • General view of Walnut Lane Bridge, 
girder on falsework. 

/ 

Slide 7 • End view ot girder with tendons and ten
don voids. 

Slide 8. Closeup of tendons and end anchorages. 

Ples.se keep in mind that all the photographs 
except for slides 1 1 21 and 3 were taken in Feb
ruary, 1948 prior to the load test which I pre
viously mentioned. 
• After the first field cast beam was cured and 
test loaded, the regular production castin& startecl 
But somethil'l8 went wrol'l8 in the fabrication of the 
first production girder - the south fascia girder. 

Slide 9 documents this and shows what was 
wrol'l8 with some of the old construction. It is 
obvious that with thin webs and the large per
centage of duct space and the use of wooden forms, 
low slump concrete could not satisfactorily be 
placed everywhere. 

Fig. 4 shows the Walnut Lane Bridge fascia 
beam cross section. This should be compared with 
slide 9. 

This bridge had been closely observed by its 
owner, the City, which found problems. The City 
retained Zollman Associates early in 1968 as a 
consultant. '.'he consultant inspected the bridge 
and reported his findings and rec01111\8ndations to 
the City on June 24, 1968. 

The report makes interesting reading. Some ex
cerpts follow: 

~n November, 1957 , a routine inspection made 
by members of the Maintenance Division of the Citys 
Department of Streets, revealed the existence of 
lol'l8itudina1 cracks in the fascia girders of the 
main span. In addition, there were a number of 
very localized, fine cracks, hardly visible when 
observed through binoculars from the floor of the 
valley sOine 60 feet below the bridge. There was 
no pattern to these 1ocallzed cracks since they 
occurred erratical1y throughout the bridge. 

The strol'l8 discoloration of the concrete in the 
vicinity of the cracks indicated that they had been 
present for some time. It also appe8l'ed that the 
cracks had be~n pointed ·id.th grout at some previous 
time , even though there is apparently no record 
of this procedure havil'l8 been carried out, In 
any event, it was determined that none of the 
cracks would endal'l8er the structural integrity of 
the bridge. After the size, type. and location of 
the cracks had been recorded, the City then 
decided to apply a ceme·nt coating to the exposed 
areas of the girders for the sake of appearances, 

Over the next ten years, the cement coating 
weathered to a point where the cracks again became 
visible, During a routine inspection made in Nov
ember or 1967, it was observed that the lol'l8itudinal 
cracks in the South Fascia Girder or the main span 
seemed to have lengthened and widened. In view of 
this situation, representativEB of the Department 
decided to inspect a1l of the girders at close 
range, and to make and record their observations as 
accurately as possible." 

L 
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Figure 4 • 

Construction problem in lat cast girder. 

Typical reinforcing in Walnut Lane 
Bridge girder - also typical cracks 
shown in large scale detail. 

Typical Crock• 

This report also casually mentions the design 
and construction philosophy prevailing at the 
early stage of U.S. Prestres.sed development, 

Looking at slide 9, it is obvious what we would 
do ·today with such a girder, but at that time, 
such thoughts were different, I am quoting from the 
report which indicates that in spite of poor concre~ 
surfaces, honeycombs, exposed reinforcing steel bar~ 
cold j oints in bay 4, displacement of vertical web 
reinforcing steel and displacement of tendon cav
ities, it was decided that they should proceed with 
prestressing. The thought at that time was, "if 
the girder was structurally deficient, the high 
prestressing forces later to be applied t o it would 
cause the girder to fail," The pre stressing was 
carried out without diificulty, leading to the con
clusion that the observed imperfections were of less 

significance than originally thought, Therefore, 
the girder was repaired for appearances sake and 
incorporated into the bridge. 

The report gives the following additional ob
servations which are of interest: rectangular 
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duct spaces created an area reduction of 18% of 
bottom fiange and a plane of weakness which was 
aggravated by possible misalignment of ducts during 
construction, 

Early in load testing, the first cast girder, 
horizontal cracks unexpectedly appeared near the 
junction of web and bottom fiange on one face, 
The cracking was not considered to be of any part
icular consequence, but nevertheless was reported 
by Gustave Magnel. (1) 

In accordance with what was then COl!mOn practice 
in prestressed concrete construction, no stirrups 
were placed in either the top or bottom nange, 

Shortly after this report was given to the City, 
the Pennsylvania Department of Highways became the 
owner of the bridge, 

My office, in cooperation with the office of 
the Philadelphia District Bridge Engineer, made its 
own inspection of the bridge, and prepared new re
pair plans for letting, which relied heavily on . 
the epoxy pressure injection process to seal crack~ 
The repair/seal work was done by contract during 
68/69 and cost about $140,000, (16) 

Now it is prudent to look agdn at a series of 
slides which depict defects. 

Slide 10, Typical cracks 
found at bottom 
of fascia. beam. 

Slide ll. Same crack 
with some 
concrete 
pried out. 

Some of the effects of the built-in latent de
fects previously discussed in connection with Slide 
9 are shown in Fig, 5, This figure shows a com
posite of the cracks and defects selectively copied 
from construction plans dated October 4 1 1968, and 
shows cracks observed by the L'!partment, and suppl&
mented by cracks recorded on plans prepared by the 
repair contractor, and dated January and February 
1969. The contractor's plans showed cracks found 
through close visual inspectioo and listed ob
servations made during the injection process. 

Fabrication 

Now to the other old structures which, instead 
of being field cast like the Walnut Lane Bridge, 
were plant fabricated, 
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Slide 12. Space between Slide l3 • 
cracks exposing 
duct space. 

Crack in the 
top of batt.om 
flange. 

Figure 5. Composite of cracks in a selected area 
f0W1d on Walnut Lane Bridge. 
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Slide 14 shows the predecessor of Prestressed 
Box Beam Bridges used in Pennsylvania between 1947 
and 1951, namely the Precast Channel Section. Any
t.hing which is now a problem with this bridge will 
show up in the future on older Prestressed Concrete 
Boxes1 it is just a matter of time. 

Slide 1.4. Precast channel bridge built in 1947-51 
predecessor of prestressed box beam 
bridg!la• 

The bridge spans a creek and the deterioration 
is caused by the moisture-condensation effect on 
inadequate concrete cover for this exposure con
dition. The worst dama_ges are visible on the insi& 
leg of the fascia beam/outside leg of interior beam 
since condensation of moisture from the stream and 
the environment generates more wetting cycles at 
those ,locations than elsewhere. 

Slide 15 shows the bottom of the Hershey Bridge 
Beam and clearly shows the imprint left by the 
vacuum curing process used for this beam and for 
all beams produced in Pennsylvania from 1951 thru 
1955, and for some bridge beams produced by a cer
tain plant to 1959. 

while the placing of concrete for some girders 
on the Walnut Lane Bridge was a problem, the pre
caster at that time bypassed this problem by using 
high slump concrete for placement, and the vacuum 
process for removal of excess water, in order to 
gain high early strength for speedy release of pre
stressed force, therefore avoiding the problems 
of frequent honey combing. 

Slide 15. Hershey Bridge id.th vacuum cured sur
faces. 

Slide 16. Outside surface of fiershey Bridge fas .. 
cia beam in distress. 
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Figure 6. Typical cross section, Hershey bridge 

beam. 
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Slide 17. Fascia beam in distress. 

Slide 18. A 1956 adjacent box beam bridge but 
photographed in 1962 

Slide l<J, View of further deterioration in 1'11'J • 

Slide l'/ shows the outside surface of one fas
cia beam showing some surface distress, 

Fig. 7 shows the beam cross section as re
structured from existing documents. Slide 17 shows 
the cause for the surface distress in the fascia 
beam shown in slide 16, namely the damage caused 

by free water freezing in the beam void and rup
turing it. 
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This type of damage, even though noted on about 
10 more bridges, was only observed on fasica beams. 
This damage was avoided since 1959./60 with the in
troduction of bottom drains in all voided Pre
stressed Box Beam Girders. 

Slide 18 taken in 1962 shows an early adjacent 
box beam bridge, approximately 1956 vintage, which 
shows progressive corrosion due to insufficient 
concrete cover over the bottom strands of a bridge 
over a stream, I recall a ,63 cm (tin,) clearance 
in some locations while plans specified 3.18 cm 
(lt in.) clear, 

Repair/Maintenance of Prestressed .Bridges 

There are some governing but apparently con
flicting observations and suggestions: 

As is demonstrated by these slides, which show 
defects in the oldest (Historiclll) prestressed 
bridges, these bridges appear to have a great deal 
of excess strength, They are not going to collapse
soon; they are in no irmiediate danger. 

Since the strength of prestressed bridges de
pends on prestressing forces, it appears to be of 
overriding importance to protect the tendons, 
through which prestressed forces are applied, from 
any progressive corrosion. If corrosion is sus
pected, it would r.equire immediate action to pro
tect the tendons, 

Since tendons are generally inaccessible, exceJi 
where exposed by defects, it is very difficult to 
detect corrosion or damage to the tendons in ereas 
not exposed, Such damage in all probability is 
present but covered up by concrete. Often it is 
assumed that sound concrete will hide corrosion 
defects which however are probably less severe 
than the corrosion defects visible in an exposed 
area. 

This removes the urgency of immediate action 
to arrest further corrosion and allows time for 
study to find the most cost effective way of 
arresting the condition since repair/restoration 
in most instances becomes impractical, 

What should be done? 
My reconunendation is that distressed structures 

be reanalyzed using various assumptions of de
ficiences of tendons including an assumed rate of 
deterioration, In order to compensate for the 
occasionally obsolete practices used, allowances 
must then be made for construction practices, de
sign philosophies, acceptance practices, and mat
erials fabrication techniques used at the time the 
bridge was designed and fabricated, 

This forces the engineer into the unaccustomed 
position of being a bridge historian and also to 
be a detective skilled in ferreting out old reports, 
standards, practices and documents, and into dis
covering the unpleasant orrrnissions or to define the 
reasons which led to distress. Such OllBllissions if' 
in existence at the time of design, fabrication or 
construction, would rather be forgotten by the 
principals especially if they did not clearly re
port those ommissions at the time when they occurecl. 

All of this has to be considered when me.king 
a final decision as to what should be done to pro
vide an answer to some of the basic questions: 

Is the bridge adequate for the current design 
load? 

If not adequate, should the bridge be posted? 
If in need of post:Ln& for how much? 
If inadequate, shall the bridge be closed or 

dismantled and how soon? 
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For the Walnut Lane Bridge, this question was 
answered at that time by Stress Analysis, In
stallation of defiection/camber "tattle tales" 
( defiection indicators), Simple Load Test, and the 
application of repair 11111thods which extended the 
life of the structure. 

Such a method is shown in the foll~wing slides: 

A follow-up inspection in 1970 (12) showed no 
new cracks. Subsequent inspections and two add
itional inspectiona made by myaelf in cooperation 
with the Di.strict Bridge Engineer's Office as 
late as 1977 showed some small new cracks and 

Slide 20. Enclosure for epoxy sealing - Walnut 
Lane Bridge. 

Slide 21. Inside enclosure - view of outside 
face of fascia beam 

Slide 22. Pressure injection of epoxy. 

opening of some old cracks. 
For the Walnut Lane Bridge, the injection 

was generally successful, The loose unrein
forced concrete shown in Fig. 4 stayed glued 
together. The tendon ducts were sealed from 
further corrosion, However, some cracks had 
to be reinjected and some of the epoxy did not 
harden completely. The progressively in
creasing girder cracking was slowed down con
siderably. I witnessed some of the rein
jection of those cracks by the original epoxy 
injection contractor, which was done free of 
charge. 

When inspecting the bridge, the writer re
calls that it was virtually impossible to pro
perly inspect the strands even at some areas 
where the bottom of a wire tendon was exposed. 
Some corrosion was apparent, Rust was dark with 
some scaling evident. Also the epoxy injectors, 
and the repair contract or 1 s engineer observed 
and reported some water seepage present in cracle 
apparently leading to the ducts, It appeared 
that water seeped through the superstructure 
joints and was then running along the end face 
of the beam. It is this writer's hypothesis 
that some of the deck expansion joints leaked 
water onto the end face of the beam. This water 
then penetrated through the end anchorage grout 
patches and leaked into the duct. This is an 
assumption, since close visual inspection of 
the end face, including probing beyond the 
sound concrete surfaces, was impossible. 

The Hershey Bridge Beam (slides 15 to 17) 
has not been repaired at all and this writer 
did note progressive corrosion in the strands 
exposed by the wide cracks but feels that mor
tar or epoxy sealing in this instance would 
be a cosmetic procedure and would not protect 
the tendons properly unless the beam is pressur&
injected with epoxy through-out and the voids 
are packed with epoxy mortar, 

For other box beams showing damages similar 
to slide; 18 through 20, a surface coating of 
sealer for all exposed surfaces of undamaged 
beams plus epoxy coating for the exposed 
strands (after sand blasting or - power brush 
cleaning) is recommended, preceded by a stress 
analysis of the defective bridge to determine 
if damaged member is not overstressed under . 
current design criteria. The result of such 
a stress analysis should be favorable and there
fore generally supporting a decision to determin& 
if the sealing is cost effective. When compared 
with the estimated remaining life of the sealed 
member as compared with replacement cost. 

Cosmetic patching is generally not recommen~ 
ed since it may hide further progressive deter
ioration. 

There is a word of caution, however, In
creasingly in the literature, there are reports 
about bridge restoration through epoxy injection. 

This writer feels that all that can be done 
is to treat such a structure to slow down its 
deterioration. The structure cannot be strengtn
.ened by cosmetic patching no matter wh.at "wondet<' 
compound may be used. Pressure injection (one 
system can inject cracks down t o ,0076 cm ( .003 
in .) width) is a good method to seal cracks and 
perhaps to glue some pieces together, but this 
process is limited by one's ability to properly 
clean and surface-prepare uarrow existing cracks 
and ie. to some extent limited by the care with 
which the materials have to be field mixed and 
injected; and further, restricted by the con
straints of •11eather, humidity and temperature • 



It is very encouraging that only very few 
examples of distress in old bridges can be found. 

• These distresses currently are overshadowed by 
vehicle-causec! defects. Typical examples are 
shown .in the following slides, 

After appropriate stress analysis it was de~er
mined that for the box beam bridges cosmetic re
pairs were all that was required, Cracks were 
sealed, exposed strands received protective coating 
and holes were patched, 

Similar damage to a prestressed I-beam bridge 
are shown on the folloWig three slides. 

The same procedure was deemed acceptable for 
the I-beam bridge. Cosmetic repair for the fascia 
beam. was not considered feasible and therefore it 
was determined to replace the fascia beam in its 
entirety. 

Slide 23. General view of traffice damage to a 
prestressed concrete adjacent box beam 
superstructure. 

.Slide 24, Closer view of the ~raffic caused 
damage. 

Slide 25. Closeup of the shattered concrete and 
exposed strands caused by traffic 
impact. 
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Slide 26. General view of traffic damage to a 
prestressed concrete spread box beam 
superstructure. 

Slide ZT. Closeup of damage and ruptured strands. 

Slide 28. Detailed closeup showing also the card
board void inside the box beam. 

Slide 29. General view of repeated traffic damage 
to a prestressed I-beam superstructure. 
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Slide JQ. 

Slide 31. 

Inside view of the same damage, showing 
exposed strands and shattered concrete. 

Closeup of the damage, showing ruptured 
strands, exposed stirrups, and complete 
loss of concrete in web area. 

Conclusions - Rec~ndations 

Design 

Designs originally were very conservat:Lve 
and further backed' up by successful load testing 
of full scale bridge members. New bridge sys
tems must be very conservatively designed since 
effect · of wear and tear on structure caused by 
loads, environment and unanticipated factors 
cannot be readily envisioned at time of :Lnitial 
design. 

Construction 

Construction techniques must be completely 
assessed and compatible with the intent of the 
design. Any aspects of construction procedures 
which could in one way or another affect the 
durability of a structure should be identified 
and replaced with mare compatible procedures. 

Repair-Maintenance 

It must be recognized that prestressed bridges 
are difficult t o repair. The best repair method 
would require a complete "unloading" of the bridge 

utilizing jacking or other methods which introduce 
a reversal of camber (unloading of prestresaed 
moment ) , 

Replacement of tendons i s virtually impossible, 
However, e ffects of "Lost" tendons can be compen
sated for, in some cases, by t he application of 
sophisticated extern.al post tensioning, 

Considerin& the inherent difficult y in applying 
any effective structural repair, cosmetic repairs 
are often applied but they should be identified as 
such. 

Thia then leaves 1naint enance as t he only 
effective means to protect prestressed bridges, 
Howeve·r because of the difficulty to repair such 
bridges properly the maintenance must be really 
preventive maintenance. In order to avoid wasting 
maintenance money, preventive maintenance should 
be applied selectively with regard to type and ex
tent of work on areas of prestressed bridges which 
can be identified by an engineer thoroughly farrd.1-
iar with past and current prestressed bridge design 
and fabrication practices, 

Bibllograptsy 

1. T. Y. Lin, Design of Prestressed Concrete 
structures, John Wiley and Sons Incorporated, New 
York. 

2. Prestressed Concrete, Guyon, John Wiley 
and Sons, Incorporated, New York, 

3, Engineering News Record, March 20, 1952, 
page 52. 

4. Engineerin& News Record, January lS, 1951, 
page 39. 

5. Civil Engineering - ASCE March, 71, page J~ 
6, Civil Engineering - ASCE July 69, page 37. 
7. Journal of the American Concrete Institute, 

December 1950, p~e JOl and 302, 
8, Preprint. , 1957 Concrete Industries Yearbook, 

Part III, Pitt and Quarry-Publications, Incorporate4 
Chicago, page 12, 

9, Pretensi oned-Prestressed Concrete Bridge 
Members, by M. W, Laving, Cons. Eng., Glenview, 
I llinois, page l and page 2. 

10, Progress Report No. 2, Prestressed Concrete 
Bridge Members, by Richard Hyo, Lehigh University 
Institute of Research. 

ll. Standard Plans for Highway Bridge Super
structures, Revised 1956, U.S. Dept. of Commerce, 
Bureau of Public Roads, 

12, Standard Plans for Highway Bridges, Vol-
ume I Concrete Superstructures, June 1962, u.s. 
Dept. of Commerce, Bureau of Public Roads. 

13. Standard Plans for Highway Bridges, Vol
ume I Concrete structures, August 1968, U.S. 
Dept. of Transportation, Federal Highway Admin-
istration, Bureau of Public Roads. 

l4. standard Plans for Highway Bridges, Vol
ume I Concrete Superstructures, January 1976, u.s. 
Department of Transportation, Federal Highway Ad
ministration, Bureau of Public Roads. 

15. Walnut Lane Bridge, June 1968, Report and 
Recooinendations to City of Philadelphia by Zollman 
Ass.ociates, 

16. ASCE March 71, Epoxy injections repairs his
toric prestressed concrete bridge, H. G. Garfield. 



. . 

EXTENDING THE SERVICE LIFE OF EXISTING BRIDGES 

R. H. Berger, Byrd, Tallamy, MacDonald and Lewis 
Stanley Gordon, Federal Highway Administration 

This paper briefly discusses background mater
ial and statistical data regarding the nation's 
current bridge problems and the research pres
ently underway that will aid in resolving this 
problem. Bridge deficiencies as uncovered in 
the inspection of over 140 bridges located in 
five states are outlined. These deficiencies 
are categorized as Structural, Mechanical, Geo
metric, and Safety and are discussed as they 
apply to various bridge types and bridge mater
ials. A catalog of deficiencies is included 
which lists the deficiencies in the order of 
frequency of occurrence. Bridge rehabilitation 
techniques presently in use are outlined and 
some unique techniques discussed. These 
include techniques to increase live load capac
ity, correct mechanical deficiencies, and to 
improve geometrics. Improvements to rideabi 1 i ty, 
to safety, drainage and other miscellaneous 
repairs are also discussed. Sketches are 
included depicting the concepts of some of 
these rehabi 1 i tati on techniques. "Improvement 
Factor" curves a re deve 1 oped for various tech
niques that can be utilized to increase live 
load capacity. This factor is an indication 
of the percentage of increase in flexural 
strength that can be achieved by a particular 
technique. Cost information for each of these 
techniques is also provided so that a "Cost 
Effectiveness Factor" can be computed for each. 
This provides a convenient means of comparison 
of various techniques from both a cost and an 
improvement standpoint. 

CHAPTER I 

INTRODUCTION 

The United States highway network, recognized 
by many as being the world's finest, is quietly and 
even more quickly being threatened by the condition 
of our bridges. This has become one of our Nation's 
greatest problems. It is difficult to understand 
why, in an era where we have developed enough tech
nical knowledge and expertise to put a man on the 
moon, we have not had and maybe still do not have 
the proper foresight to provide the necessary 
maintenance for our Nation's bridges. As a result 

of this neglect, we have seriously jeopardized not 
only our surface transportation system, but our 
lives as well. 

A 11 of our problems, of course, a re not due to 
neglect. Many of our Nation's bridges have become 
functionally obsolete because of heavier vehicle 
usage, inadequate roadway width and antiquated 
alignment. 

Status of National Bridge Inventory 

Currently, it is estimated that there are 
564,000 bridges in the United States of which 
approximately 105,500 are either considered 
structurally deficient or functionally obsolete. 
A structurally deficient bridge is one that has 
been restricted to light loads or closed. A 
functionally obsolete bridge is one whose deck 
geometry, clearances, approach roadway alignment 
and load restrictions can no longer satisfactorily 
service the system of which it is an integral 
part. The inventory and inspection of all bridges 
on the Federal-aid highway system, encompassing 
234,000 structures, is substantially complete. 
This inventory has uncovered approximately 33,500 
deficient bridges.(1) The remaining 72,000 defi
cient bridges are not on any Federal-aid system 
and are the sole responsibility of the state and 
local governments. Each year, for various reasons, 
an estimated 125 to 150 of these deficient bridges 
sag, buckle or collapse--sometimes tragically. 

In an attempt to alleviate this problem, sev
eral bills regarding funding for a Special Bridge 
Replacement Program have been introduced in Con
gress and have generated a great deal of discus
sion. While there is a general feeling that more 
Federal money will become available for bridge 
inspection, replacement and/or rehabilitation, it 
is not realistic to expect that all of the defi
cient bridges can be attended to in a short period 
of time. Consequently, our direction and purpose 
at this time should be to initiate and develop pro
cedures for extending the service life of existing 
bridges until such time as we have the money, time 
and manpower to replace those deficient structures 
in an orderly manner. 
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Current Research 

With this endeavor in mind, the Federal High 
way Administration, in an effort to respond to the 
bridge problem, has sponsored a research project 
entitled "Extending the Service Life of Existing 
Bridges by Increasing Their Load Carrying Capac
ity. "(2) Another project, sponsored by the 
National Cooperative Highway Research Board is 
entitled "Bridges on Secondary Highways and Local 
Roads - Rehabilitation and Replacement."(3) While 
these research projects do have di r f~rent-objec
tives, both are study ing bridge deficiencies and 
various rehabilitation techniques that are currently 
being utilized by several different state highway 
departments. The results of these studies should 
prove invaluable to the practicing bridge engineer. 

While many deficiencies are caused by normal 
traffic, weather and deterioration, some deficien
cies are the direct result of cracks appearing in 
the steel. These occur i n both old and new metal 
and in old and new designs. In an effort to detect 
cracks, two instruments using nondestructive test 
principles were developed specifically for field 
inspect ion. The Acousti c Crack Detector and the 
Magnetic Crack Definer were used respectively for 
detecting cracks in metal and for defining the 
limits of the cracks. Cracks have also been de
tected with tests involving dye penetrants, radio
graphy, magnetic particle inspection and acoustic 
emission. Ongoing research in this area includes 
the development of equipment to identify fractures 
i n prestressing bars used in concrete structures, 
the determination of stress corrosion fatigue 
characteristi cs of new steels and continued 
research into the toucnness of weld materials. 

Additional research is underway regarding 
bridge deck protective systems. These include 
studies of various membrane waterproofing systems , 
reinforcing bar coati ngs, cathodic protection, 
latex and low s lump overlays, wax beads in the con 
crete and systems for heating bridge decks. 

Intent of Paper 

The total bridge problem wh ich we must resolve 
is obviously quite broad and has many facets. This 
paper will deal only with a few of these involving 
deficiencies and rehabilitation techniques. Cer
tain aspects such as fatigue cracking, deck protec
tion systems and cosmetic repairs will be touched 
only briefly . 

CHAPTER II 

BRIDGE DEFICIENCIES 

Bridge deficiencies evolve from a variety of 
situations and conditions. Basic design criteria, 
traffic usage, environmental factors, and other 
site conditions are all involved to some extent 
and are responsible for specific deficiencies. An 
additional, and perhaps the most important, contri
butor to bridge deficiencies is the level of ma in
tenance employed. 

Deficiency causes can be categorized into two 
broad areas: (1) those which result from the 
design of the facility and are t hus inherent defi
ciencies, and (2) those which result from the use 
of the facility and are essentially the result of 
wear. Deficiencies from either cause are subdivi
ded into four arnas: Structural, Mechanical, 
Geometric and Safety. 

Structural 

Structural deficiencies are defined as those 
which affect the structure's ability to carry im
posed loads. These are caused most frequently by 
lack of proper maintenance, poor design details and 
light original designs. 

Stee l Structures. In steel structures, paint 
system breakdown permits corrosion of the base metal 
to begin. Once started, the process ar. elerates as 
larger areas become exposed. Eventually the metal 
corrosion can result in section loss serious enough 
to have an impact on the load-carrying capacity of 
the member. If left uncorrected, the process will 
continue, resu 1 ting in the u 1 tima te co 11 apse of th.e 
bridge. 

The corrosion process is accelerated when snow 
laden with chemical de-icing agents comes in con
tact with the primary structural elements either as 
splash or storage. This is particularly true in 
through girders and trusses. 

Webs of through girders become "paper thin" and 
bearing stiffeners are known to have been totally 
lost. Truss members 1 ikewise become severely cor-· 
roded in critical areas. 

Concrete Members. Concrete members also deter
iorate at a rapid rate when exposed to adverse 
environmental conditions. Penetration of brine 
solution through the unprotected concrete surface 
causes the reinforcing steel to oxidize and expand, 
ul timately leading to spalling and cracking of the 
concrete cover. Once the process begins, i t accel
erates at a rapid pace as more of the corrosive 
materials reach the reinforcing steel. 

This process, which is very co111T1on in bri'dge 
decks , also occurs in primary structural members. 
Prestressed girders and mild steel reinforced con
crete members deteriorate when conditions pennit 
penetration by a corrosion conducive solution. Ob
servations of bridges in a number of areas have 
shown that this condition occurs as a result of 
salt water splash where low level bridges cross 
bodies of water with a high saline level or where 
roadway joints and drainage details permit runoff 
to come in contact with concrete beams and girders 
for prolonged periods of time. 

Timber Members. Timber members, too, deterior
ate as a result of general weathering when unprotec
ted. Wet-dry cycles that occur frequently acceler
ate the process. 

Light Designs. Many of the structures current
ly an integral part of our highway system were not 
designed in itial ly to carry the loads being imposed 
on them by modern traffic. These "light designs" 
were based on vehicle weights much less than those 
in present use and on load frequency rates that 
are only a small percentage of those now utilizi ng 
the crossings. Some of these older structures were 
designed for 3 or 4 lanes of HlS traffic and now 
carry heavier vehicle loads by restricting the 
traffic to one or two lanes. It is a credit to the 
designers of these antiquated structures that many 
of them remain serviceable today in spite of the 
heavy use by modern traffic loads. 

These deficiencies apply to sub-structure mem
bers as well as to superstructure members. In addi
tion, ubstructure elements can be structurally 
deficient because of foundation conditions . Pile 
deterioration, scour, and deep failures in under
lying soil strata can cause significant reduction 
in the load-carrying capability of the bridge. 



"echanical 
-~ 

These deficiencies are defined as those which 
hibit the structure from reacting in a contro l

pr~ manner to environmental factors. These are 
le;marilY caused by corrosion of metal elements, 
~~ accumu lation of debr is and silt around bearings 

de J'oints, lateral movement of substructure units, 
an . d t ·1 d poor design e ai s. 
an Bui ld-up of de bris around bearing areas often 
, m letely covers metal bearings. This debr is is 
~~m~osed of bird dropping~. nesting materials and 
~ther deposits_ that are high~y corrosi ve . W~en 
this material 1s saturated wi th a sa l t solution 
from roadway runoff it becomes even "'?re · corro~ive. 
The bearings freeze as a result of this corrosion 
and prevent the bridge from functioning as intended . 

Pavement "shove" pressures often add to this 
robl em . This is the result of temperature expan

~ion and contraction i n the approach roadway com
bined with traffic generated pavement movements. 
stub abutments move longitudinal ly as a result of 
these forces and backwal l s deflect and eventually 
crack. As a result, it is no longer possible for 
the bridge to fu nction as intended without exert
ing loads on the structure beyond those considered 
by the designers. 

Settlement as wel 1 as lateral movements i n piers 
can cause a similar situation. Pier rotation 
causes roadway joints to close and bearings to 
exhaust their capability to accommodate movement. 
Ensuing temperature changes can then result in 
serious overstress in other elements of the bridge. 

Geometric 

These deficiencies are those that relate to 
the geometrics of the roadway as it approaches 
and traverses the bridge. Vertical and horizontal 
alignment, roadway width, vehicle sight distance, 
and traffic capacity are included. In almost 
every instance these are inherent deficiencies 
that were built in as a result of the initial 
design. 

Deficiencies relating to the safety of the 
motorist include those that jeopardize the safety 
of the vehicle as it passes over the structure. 
Many of these are geometric in nature (roadway 
width, clearance, etc.). Others pertain to the 
roadway appurtenances such as a bridge railing, 
approach guardrail protection, and traffic control 
devices. 

Rideability deficiencies are those that impact 
on the riding quality of the crossing and are inclu
ded in the safety category. Bridge deck deficien
cies are the most common involving rideability. 
They can impair the load carrying capability of the 
bridge if the deck is designed as an integral part 
of the primary structural member such as in con
crete T-beams and composite designs. Even with 
these designs the roadway becomes virtually impass
able due to potholes and general deterioration of 
the deck before failure occurs. 

Approach slab settlement can impair the struc
tural integrity of the abutments and cause an 
increase in live load impact but usually has a 
greater effect on the safety of vehicles utilizing 
the facility since severe bumps and dips are cre
ated by the settlement. 

Other safety deficiencies are those which occur 
because structure members are located in a position 

where they become a hazard to the motorist. End 
posts on through trusses, ends of through girders, 
pier and abutment pylons placed close to travelled 
lanes are examples. 

Bridge Deficiency Catalog 

A catalog of bridge deficiencies is included. 
This is based on inspection of approximately 140 
deficient bridges located in five states which was 
part of a research project done for the Federal 
Highway Administration.(2) 
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Photos and descriptive information on these and 
other deficiencies can be obtained in the USDOT 
Training Manual 70(4), AASHTO Manual for Bridge 
Maintenance (~) and-other publicati9ns. 

CHAPTER III 

REHABILITATION PROCEDURES 

The process of rehabilitating a deficient 
bridge can vary extensively depending on the degree 
and the severity of the problems needing correction. 
The work can include a deck replacement and minor 
repair or can be an involved procedure including 
strengthening of critical members, correcting 
settlement problems, replacing bearings and others. 

For bridges of the types discussed in this 
paper, rehabilitation procedures are included in 
six general categories: 

1. Increase live load carrying capacity 
2. Improve geometrics 
3. Correct mechanical deficiencies 
4. Correct drainage problems 
5. Improve rideability 
6. Miscellaneous repairs 

Increase Live Load Carrying Capacity 

There are many ways in which the live load carry
ing capacity of a bridge can be increased. These 
can be divided into four general categories. First, 
strengthen critical members by adding additional 
material to the member itself or replace with a new 
member; second, add supplemental supports or mem
bers to assist in carrying loads; third, reduce the 
dead load on the bridge and thereby provide addi
tional capacity for live loads; and fourth, change 
the structural system in a manner that will provide 
additional live load capacity. 

Strengthen Critical Members 

The routine procedures for strengthening steel 
bridges followed by most agencies is to add cover 
plates to steel beams or girders or to add plates 
to steel truss members to increase the available 
section. Many of these details have been developed 
utilizing welding to attach the new material. In 
some cases, the welding operation on the existing 
steel, because of the location and the particular 
detail employed has had an adverse effect on the 
structural capacity of the member. Stress raisers 
that are susceptible to fatigue failures have un
wittingly been incorporated in the structure 
through lack of attention to detail or to state
of-the-art knowledge of welding procedures. 

Material can be added successfully by welding 
to existing primary members providing that the 
design and details are developed in accordance 
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with current specifications, including 
ing with fatigue characteristics. (6) 
obvious requirement is the weldabilTty 
ial used in the existing member. 

those deal
The other 
of the mater-

Concrete Members. Reinforced concrete primary 
members pose a different problem. Designs have 
been successfu lly developed where i n external steel 
reinforcing is attached to the member by connec
tions utilizing bolts extending through the member 
(see Figure 1). Reinforcing can be post tensioned 
as necessary. 

Figure 1. Externa 1 Concrete Reinforcing 

Other designs have been developed for post
tensioning concrete girders, anchoring the tendons 
with attachments at the bearings. The tensioning 
strands are then placed in a concrete section added 
to the beams or are confined in a protective metal 
conduit which is left exposed . 

A method has been developed and implemented 
1n England and in South Africa for strengthening 
concrete beams by adding steel plates that are 
"glued" to the concrete. (7) This has proven to be 
a very simple and effective method. Plates are 
added to the underside of simply supported concrete 
beams to increase flexural capacity and to the 
sides of the beams near the bearings, to increase 
shear capacity. 

Provide Supplemental Members 

Adding additional members is a technique used 
routinely in strengthening bridges. Structurally 
inadequate floor systems on truss and girder bridges 
can be rehabilitated by erecting additional members 
between the existing stringers to provide necessary 
overall capacity. On girder bridges, additional 
floor beams can be added to provide added strength . 

Concrete beam and girder bridges can be streng
thened by adding steel beams or precast concrete 
beams between or adjacent to the ex.isting concrete 
sections. Timber bridges likewise can be strength
ened by adding addi ti ona 1 primary s tee 1 members. 

Critical members that are defective can be 
replaced . This ls f requently done in situations 
where collision damage to a key member has weakened 
the bridge. End posts of through or pony type 
trusses are recurring examples. Concrete or steel 
fascia stringers in overpass structures are often 
damaged by oversized vehicles and must be replaced. 

. Truss member replacement requires careful analy
sis and devP.lopment of step-by-step procedures 
Shoring must be developed to insure the integrity 
of the structure during the replacement operation 
If this is not feasible then an alternate support. 
system must be developed utilizing post-tensioned 
cables or other such devices to carry temporary 
loads. 

Adding new stringer or floor beam members will 
often require the removal and replacement of at 
least a portion of the bridqe deck. Procedures have 
been developed, however, to el iminate the need to 
remove any of the bridge deck. These procedures 
utilize supplemental supports jacked into place 
from below the structure. By drilling through the 
deck and pressure grouting, any void that exists 
between the top of the supplemental support and 
the underside of the deck can be filled. Lifting 
cab les threaded through the same holes drilled 
through the deck can also be util ized for lifting 
the supplemental supports into place. 

The addition of crutch bents and/or pony bents 
to pick up the load of a defective pile or pile bent 
is colll11only used and is an effective rehabilitation 
technique. Likewise, the addition of supplemental 
cap beams laced to the existing cap beam provides 
an efficient means of strengthening a deteriorated 
bent. The transfer of load from the strengthened 
member to the vertical supports must be carefully 
considered and proper details developed. 

Reduce Dead Load 

Dead load reduction can most easily be effected 
by removing the existing deck and providing a 
li ghter wei ght substitute. In some instances, 
removal of as phalt wearing surface buildup can pro
vide signifi cant reduction in dead loads. 

A number of deck systems have been developed to 
provide a lightweight yet structurally adequate sys
tem. Themostfamiliar of these are: 

1. Open steel grid deck. 
2. Concrete filled steel grid. 
3. Corrugated metal with asphalt wearing sur

face. 
4. 

face_ 
Laminated timber with asphalt wearing sur-

5. Metal plate (Orthotropic) with asphalt 
wearing surface. 

Im rovement Factor . Employing each of these 
concepts, 8 flexural requirements were determined 
for a 15 m (50 feet) and a 27 m (90 feet) simple 
span using stringers spaced at 2.1 m (7 feet) cen
ter to center. Requirements for a comparable span 
and stringer spacing using a conventionally rein
forced concrete deck were also made. A comparison 
of these two values provides an indication of the 
merits of each concept. This comparison figure is 
termed the "Span Improvement Factor." A graphi ca 1 
presentation of these values is shown in Figure 2. 

It should be noted that the requirements calcu
lated reflect not only a change in dead load asso
ciated with each concept, but also a chanae in 
live load distribution developed in accordance with 
AASHTO specifications. The combined effect can 
produce a negative factor as evidenced by the 
shorter spans utilizing a laminated timber deck. 
Also an increase in live load stress due to dis
tribution factor changes can also cause changes in 
stress range effecting the fatigue 1 i fe of the mem
er. This is not considered in the development of 
the improvement factor. 
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Cos t Effectiveness Factor. By dividing the 
improvement factor by the estimated cost per square 
foot (shown in Figure 2 for the Washington, D. C. 
area) a "Cost Effectiveness Factor" can be deter
mined. The higher the value of this factor the 
greater the cost effectiveness for a given situa
tion . For example, comparing the cost effective
ness of modifying a 25 m (82 feet) span by utiliz
ing either an open grid deck or a corrugated metal 
deck with an asphalt wearing surface, indicates 
that the open grid deck provides a factor of 0.138 
(40 + 2go) and the corrugated metal deck provides 
0.085(23 + 270). Therefore, the open grid deck 
will provide the most cost effective technique. 

Each of the concepts for which data was devel
oped have other factors that must be considered in 
addition to initial cost. These include both main
tenance and operational considerations. 

Steel Grid . The open grid flooring can become 
slippery when wet or ice-covered. Serrated top 
bars or welded studs can significantly reduce this 
problem. The open grid has the advantage of per
mitting snow and rain to pass through the structure, 
thereby eliminating the need for bridge drainage 
and the use of snow and ice control chemicals on 
the bridge. Details should be develope\J that eli
minate pockets over the main support members that 
will collect debris and cause corrosion in these 
members. Care should also be taken in selecting 
the proper grating design. Welded details often 
fail due to impact and fatigue. - Riveted grates can 
provide a more reliable deck. 

Concrete filled floor grating has the advantage 
of improving skid resistance and reducing the im
pact and fatigue failures in the internal connec
tions. The disadvantage is the added weight as 
compared to the open grid and subsequent reduction 
in live load capacity of the bridge. Also, it is 
necessary to provide and maintain an adequate 
deck drainage system and to employ chemicals for 
snow and ice control. 

Corrugated Metal. The use of corrugated metal 
plate deck with an asphalt wearing surface is a 
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recent development. Installations have shown that 
the system can be designed to withstand modern 
design loading. Length of service can be increased 
by properly designing the drainage system to remove 
surface runoff and by providing adequate protection 
for the metal sheets against corrosion . 

When replacing a concrete deck with this system, 
it will usually be necessary to add lightweight 
supplemental support beams between the existing 
stringers in order to reduce the effective deck 
span. On multiple stringer bridges, these can be 
framed to floor beams placed between existing 
stringers or to existing diaphrams. On truss 
bridges and other structures with similar floor 
systems, these beams can be framed to existing 
floor beams. The "Improvement Factor" curve deve 1-
oped in Figure 2 is based on framing the supplemen
tal stringers to new floor beams spanning between 
existing stringers. 

Timber. Laminated timber bridge decking is 
also---ar:elat1vely new concept. This provides some 
reduction in dead load but live load distribution 
factors increase resulting in little or no better
ment for the shorter spans. It does pro vi de advan
tages from a maintenance point of view since it is 
less susceptible to chemicals used in snow and ice 
control. It is important to provide details for 
fastening the panels to stringer supports that will 
not be conducive to insect infestation and result
ing deterioration. The joint between panels must 
also be carefully detailed to provide shear trans
fer and to pro vi de a proper seal . Clamping 'devices 
that do not require drilling or nailing are pre
ferred to drilling and bolting. 

Met al Decking . Steel plate decking as a re
placement for deteri orated concrete provides 
significant weight reduction. This can also pro
vide additional carrying capacity for the primary 
members if properly designed. Ribs or supplemental 
lightweight flooring must be included with the 
decking to provide adequate roadway support. Adhes
ion between the steel plate and asphalt wearing 
surface is a potential maintenance problem, but 
through careful attention to specifications and 
with proper construction techniques, this problem 
can be greatly reduced. 

Modi fy St ruc t ura l System 

The structural system in a bridge can be modi
fied in a number of ways to provide additional 
capacity to support live loads. Three such con
cepts are composite action, beam continuity and 
kingpost truss. 

For each of these concepts, "Improvement Factor" 
curves have been developed in a manner similar to 
that already described for procedures used to 
reduce dead load. Cost factors have also been 
developed and are included with the "Improvement 
Factor curves in Figure 3. 

Composi te Act ion. This procedure changes an 
existing steel beam or girder system to a composite 
system so that the steel support and the concrete 
slab act together in resisting live loads. Compos
ite action is provided through suitable shear con
nection between the beam and concrete slab. The 
most practical device used to accomplish this is 
the welded stud. 

The rehabilitation procedure includes removing 
the deteriorated concrete deck, welding shear con
nectors to the top flanges of the steel beam, and 
casting a new deck slab. In situations where the 
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Figure 3. Span-Improvement Factor. Structural 
Modification Systems . 
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deck slab is sound and does not have to be replaced, 
holes can be drilled through the slab from the road
way to the steel support for welding the studs. 
Epoxy grout is then placed in the void between the 
slab and the stud. Another process now i n the 
experimental stage, provides shear resistance by 
pressure injec~ng epoxy adhesive into the void 
between the steel f lange and the underside of the 
concrete - slab.(~_) This is injected through drilled 
holes in the deck. Early test data indicates that 
thi.s can become an effective and economical method 
for developing shear resistance. Construction 
specifications and testing procedures must be fur
ther deve 1 oped, however, be fore this method can be 
used with the necessary reliability. 

Steel Beam Continuity. Th is procedure is em
ployed to change a series of simple steel beam 
spans to a continuous system. Through the inter
action between spans, additional load-carrying 
l:.dµdt.:"ity can be obtained. 

The procedure util ized in this modification 
incl udes first, the removing of a portion of the 
deck and the deck joint over the pier. Next, a 
splice is instal led between the adjacent beams. 
The existing bearings are removed and a single 
bearing is installed. Bearing stiffeners are 
added as necessary. The deck slab is then re
placed, completing the installation. A conceptual 
detail of this is shown in Figure 4. 

In addition to providing greater live load 
capacity and reducing 1 ive load deflections, this 
system also reduces future maintenance requirements 
since it eliminates a roadway joint and one set of 
bearings, both of which cause constant maintenance 
problems. 

Kingpos t Truss . In situations where under
clearance permits, the modification of either a 
stringer or a floor beam to a kingpost truss 
(trussed-beam) system provides an excellent means 
to increase live load capacity. The procedure 
requires the installation of a "kingpost" truss 
to the bottom flange of the member. Threaded end 
connections are provided so that proper tension 

can be induced into the system. A conceptual 
detail of this is shown in Figure 5. 

Figure 4. Conceptual Details. Simple Span Steel 
Beam to Continuous 
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The "Improvement Factor" surve as shown in 
Figure 3 is based on a si ngle post sys tem with a 
3:25 bevel on the struts. Struts are stressed to 
11.2 kN (25 kips). This predetermined force must 
be induced in the system by tightening at the end 
connections. The i nstallation must be carefully 
moriitored hy mP.asuri ng the number of turns as well 
as resulting deflections in the original member. 
Other geometric configurations and induced loads 
will produce different "Imp rovement Factors. " 

Improve Geometrics 

Rehabilitating a deficient bridge to improve 
geometrics includes increasing vertical clearance, 
widening usable roadway and improving approach hori
zontal and vertical alignment. 

Vertical Clearance 

Inadequate vertical clearance is a common geo
metric deficiency found in through truss type 
bridges. Additional clearance can be provided by 
reducing the depth of portal and sway frames. The 
resulting bracing system must be properly designed 
to transmit imposed loads. 

In certain cases it may be possible to lower the 
floor system on through truss bridges and thereby 
increase vertical clearance. Where stringers ride 
over floor beams the roadway can be lowered by 



framing the stringers into the floor beams, keeping 
the top of the stri ngers and the top of the floo r 
beam in the same plane. Ano ther poss ibility is to 
lower the floor beam connection to the truss i tse 1f 
thereby increas i ng vertical clearance. 

As di scussed under struc tural rehab ilitation 
techniques, it is often desirable to replace an 
existing concrete deck with a lighter roadway 
support system to increase live load capacity. In 
most instances on through truss type bridges this 
will also provide additional vertical clearance 
due to the thinner deck system. 

Improved vertical clearance on grade-separation 
structures can be most economically achieved by 
lowering the bottom roadway providing this can be 
done without undermining or otherwise jeopardizing 
pier or abutment footings. It is possible, 
although usually more costly, to raise the super
structure and adjust the vertical alignment of 
the overpass roadway. This requires adding to the 
height of the abutments and piers. These elements 
must be carefully analyzed to insure that they are 
capable of absorbing the increased loads imposed 
by the added height. If not adequate, structural 
modifications must be included with the rehabil i
tation plans. 

Roadway Widening 

On multiple girder or multiple beam bridges of 
either concrete or steel construction, it is a 
straightforward and fairly routine process to widen 
the roadway. Parapets and sidewalks must be re
moved, piers and abutments extended, new stringers 
added and a new deck and curb installed. Control 
of traffic during construction of the new deck is 
necessary to insure that excessive deflection and 
vibration from heavy vehicles are controlled. 

Through systems are more difficult to widen. 
Short of removing the entire superstructure and 
replacing with a new one, it is impracticable to 
consider widening a through truss and in most 
instances a pony truss. Providing site conditions 
will permit adjustments in grade of several feet, 
it can be practical to widen a through girder 
bridge by moving the floor system to the top flange 
of the girder and constructing a wider deck. The 
main girders may require strengthening. However, 
this can be minimized by utilizing a lightweight 
deck in conjunction with the rehabilitation. A 
conceptual cross section of this is shown in 
Figure 6. 

Correct Mechanical Deficiencies 

These repairs are those associated with bridge 
bearings, expansion joints, hangers, wind tongues, 
and similar devices that permit the structure to 
expand and contract. Such devices often freeze as 
a result of corrosion thereby losing all capability 
of reacting to movement. The usual rehabilitation 
technique is to replace the defective item or to 
clean the existing device and adjust it to the pro
per position. Vertical and longitudinal jacking 
of the superstructure is an integral part of this 
work. With careful planning, this work can be done 
without traffic interruption. 

In situations where pavement shove, rotation of 
supports or other movements have caused the expan
sion devices to become jammed, it may be necessary 
to rebuild the abu tment backwall or to remove a 
portion of the longitudinal member adjacent to the 
backwall in order to provide sufficient gap for 
movement. 

Figure 6. Conceptual Details. Thru Girder Deck 
Wideninq. 
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Replacement of roadway expansion joints is 
often required when rehabilitating the structure 
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to correct mechanical deficiencies. Replacement 
joints should be watertight if possible. When open 
joints must be used, provision for drainage collec
tion should be included to prevent pavement wash 
from reaching bearings or hangers beneath the joint. 
Scuppers located as close as practical to the open 
joint with drainage troughs under the joint provide 
an effective method for controlling runoff in these 
areas. The steel components of replacement joints 
should be galvanized or constructed of weathering 
steel to control corrosion. 

Correct Drainage Problems 

An ineffective bridge deck drainage system is 
a major cause of bridge deterioration. Rehabilita
t i on should include replacement with an adequate 
drainage system . Special attention should be given 
to details that will prevent deck wash from reaching 
bearings, superstructure members , piers, and abut
ments. Scuppers must be properly spaced and should 
be large enough to minimize clogging from roadway 
deposits. Proper provision must be included for 
maintenance cleaning of downspouts and collection 
pipes. Discharge points should be detailed to 
prevent erosion. Consideration should be given to 
galvanizing all parts of the drainage system or 
using weathering steel. 

Improve Safety and Rideability 

Safety 

Replacement of inadequate bridge railing, alter
ation of parapet and railing ends where these face 
oncoming traffic, protection with attenuators at 
ends of through girders or through trusses, in gore 
areas on structures, or in front of piers within 
the recovery zone (9 m, 30 feet from pavement edge) 
are all measures that should be considered in 
bridge rehabilitation plans. 

Adequate protection for pedestrian traffic 
should also be provided. Redirectional barriers 
provided between the sidewalk or bikeway and the 
roadway can be effective in providing safety for 
pedestrians as well as for vehicles. 

I 

,I 
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Approach roadway alignment improvements can have 
substantial impact on improving safety at the bridge 
site. This is often more difficult to achieve due 
to right-of-way requirements and other local restric
tions than from an engineering standpoint. 

Rideability 

Bridge rehabilitation to improve riding quality 
includes repairs to approach roadway for settlement 
and to the bridge deck. Deck repairs vary from 
full deck replacement to patching of isolated areas. 
Deck replacement should include adequate protection 
of reinforcing steel to prevent corrosion and subse
quent concrete deterioration. State-of-the-art 
indicates that this can best be provided by coating 
the rebars with an epoxy sealant or by constructing 
a high density concrete overlay on the structural 
slab. Cathodic protection systems are under develop
ment and appear to be promising. 

On existing decks that require repair but not 
replacement, the rehabilitation should include a 
sealing system which will prevent or at least reduce 
the further buildup of chlorides in the deck. A 
procedure to reduce the chloride content in the 
existing deck should be considered with the 
rehabilitation program. 

Miscellaneous Repairs 

Many other repair techniques are available to 
correct deficiencies in bridge components but have 
not been discussed in this paper. These include 
cosmetic repairs as well as repairs needed to 
increase capacity and improve the structural integ
rity of the bridge. 

CHAPTER IV 

SUMMARY 

The results of research and practical exper1ence 
in the bridge maintenance area have shown that 
bridge rehabilitation can be done in a cost effec
t i ve manner. When proper attention is given to 
current rehabilitation practi ces, additional years 
of servi ce can be obta i ned f rom existing structures. 

Current techniques employed to renovate defi
cient bridges include increasing the l i ve load 
capacity of the bridge by decreasing the dead load, 
strengthening critical members, providing supple
mental members and modifying the original structural 
system. In addition, substructure stab1 l ization , 
proper cl eaning of bearing and roadway joints, 
improved geometrics and safety improvements such as 
new or modified bridge rail i ng systems have also 
played a significant role in improving the service
ability and extending the life of existing struc
tures. 

While each bridge rehabilitation project has 
unique features, there are general concepts that 
can be compared and evaluated to determine the 
most practical technique to be used. Because 'of 
these un1que features, there i s always a need for 
creative thinking and the development of innovative 
procedures in bridge rehabilitation projects. New 
products and techniques are constantly being devel
oped that provide more efficient and longer lasting 
repairs to be made. 

The deficiencies outlined and discussed in this 
paper include many that are encountered in fixed 
spans ranging in length from short to medium. The 

di scussion of rehabili tation procedures has covered 
ma ny of these defi ciencies , although in many 
instances has been cursory and conceptual only . 
Th e ideas and sugges t ions as presented are intended 
to provide the basis for further development for 
application to a speci f i c situati on. 

As we are i n a t ime period where many br idge 
depar tments have little maintenance money and must 
make the most of what they have, we shoul d, through 
creative engineering, utilize our talents to the 
utmost to attack our nationwi de bridge pro~lHms . 
The concepts for increasing the load carrying capac
i ty presented herein are a start. However, much 
add i tional work needs to be done. More research 
is needed and new rehabilitation concepts must be 
developed. We must do our homework thoroughly 
i n order to eventually resolve our current bridge 
crisis. 
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BRIDGE TYPE ANO DEFICIENCY CATALOGUE 
SUPERSTRUCTURE 
I . PRIMARY SUPPORT SYSTEM 

A. Steel 
~ultiple Beam or Girder (Simple or 

Continuous Span). 
Paint deterioration 
Flange and/or web corrosion 
Bearings inoperable 
Collision damage fascia stringers 
Stiffener and other detail corrosion 
Brittle fracture. 

2. Thru Girder or Twin Deck Girder (Sim-
ple or Continuous Span). 

Paint Deterioration 
Flange and/or web corrosion 
Bearings inoperable 
Connections, stiffener and miscellan
eous detail corrosion 
Bracing member corrosion and damage 
Collision damage - Girder, kneebraces 

t 
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3. Deck Truss, Thru Truss, Pony Truss 
(Simple Span). 

Paint deterioration 
Flange and/or web corrosion - String
ers and floor beams 
Bearings inoperable 
Truss merrber corrosion. 
Collision damage - Portal, truss mem
ber, sway frame 
Bracing member corrosion, failure 
Connection corrosion 
Inadequate design 

B. Concrete 
1. Slab (Simple or Continuous Span). 

Surface delamination 
Surface spall--Rebar exposure and 
corrosion. 

2. Multiple Beam and T Beam (Simple or 
Continuous Spans). 

Web cracks 
Surface spall - Rebar exposure and 
corrosion 
Collision damage 
Bearings inoperable 

3. Prestressed or Post Tensioned Beams 
(Simple or Continuous Spans) 

Surface spall - Tendon exposure 
Web and Flange cracks 
Bearings inoperable 

C. Timber 
r:--M'Ultiple Stringer (Simple or Continuous 

II. DECKS 

Spans). 
Timber rot, surface weathering and 
splits 
Bearings inoperable 

A. Reinforced Concrete 
Wearing Surface Breakdown 
Delamination 
Surface Spall and Cracks 
Joint Inoperable 

B. Open Grid Steel 
Connection Failure 
Corrosion 

C. Corrugated Metal 
Wearing Surface Breakdown 
Protective Coating Deterioration 
Corrosion 

D. Timber 
Wearing Surface Breakdown 
Weathering - splits, cracks and rot 
Failure of Connections to Support Members 

SUBSTRUCTURE 
l . ABUTMENTS 

A. Masonry 
Mortar Deterioration 
Bearing Seat Deterioration 
Scour 

B. Concrete, Stub/Spill Thru 
Cracki ng and Surface Spall 
Bearing Seat Deterioration 
Settlement and/or Rotation 
Back wall failure 
Erosion - Scour 

C. Concrete, Full Height 
Cracking and Surface Spall 
Bearing Seat Deterioration 
Settlement and/or Rotation 

Back wa 11 failure 
Erosion - Scour 

D. Timber - Bulkhead 
Decay - Rot 
Insect infestation 

II. PIERS 

SS 

A. Rei nforced Concrete - Harrvnerhead/Solid Wall 
Cracks 
Bearing seat deterioration 
Pier nose deterioration 
Settlement and/or tilting 
Scour 

B. Reinforced Concrete - Rigid Frame 
Cap Bm. Spall - Rebar exposure and corro
sion 
Cracking in Cap 
Bearing seat deterioration 
Column Concrete deterioration 
Settlement and/or tilting 

C. Masonry 

III.BENTS 

Mortar deterioration. 
Erosion/scour 

A. Timber Piles and Cap 
Pile Decay - Rot 
Cap weathering - splits, cracks 
Insect infestation - marine borers 
Scour 

B. Concrete Pile & Cap 
Longitudinal Cracks in pile 
Bearing seat deterioration 
Pile spall - rebar exposure & corrosion 
Cap spall - Rebar exposure and corrosion 
Collision damage 
Scour 

C. Steel H Pile - Concrete Cap 
Pile corrosion - Section loss 
Cap Spall - rebar exposure and corrosion 
Bearing seat deterioration 
Scour 

MISCELLANEOUS 
A. Drainage 

Inadequate deck drainage (Number and/or 
size of Scuppers). 
Drainage discharge on primary members 
Snow and Ice storage in contact with 
primary members 
Leaking deck joints 
Ground erosion at discharge point. 

B. Geometrics 
Inadequate roadway width 
Inadequate vertical clearance 
Approach alignment poor 

C. Safety 
Narrow roadway 
Inadequate railing 
Alignment - site distance 
Roadway surface deterioration 



SOME CONSIDERATIONS IN WIDENING ANO REHABILITATION 
OF BRIDGES 

M. H. Soto, Chief Bridge Engineer, Gannett Fleming 
Corddry and Carpenter, Inc. 

Bridge rehabilitation, whether required for re
pairs, strengthening, or widening, requires an 
insiiht into unique structural problems. These 
problems are compounded if modifications must 
be accomplished while maintaining traffic and if 
modifications alter the structural character
istics of the existing structure. This paper 
deals with solutions employed on two widening 
and rehabilitation projects. Widening the 
Hackensack River Bri dge on the New Jersey Turn
pike required integrating the superstructure 
with the existing superstructure. Techni.ques 
of jacking the wi.dening main members against the 
existing system, inducing compatible cambers 
and ensuring proper load distribution, are de
scribed. This paper describes foundation 
additions to main river piers which were inte
grated by t ·emporarily leaving a gap between the 
foundations. This peimitted elastic shortening 
of new piles under pier dead load, and prevented 
overloading the existing piles. A classic 
example of fatigue failure is illustrated. Weld
ing of fills caused a geometrical notch at the 
toe of welds , producing a crack through the main 
members of brackets and floorbeams. Widening 
the 1-83 bridge over the Susquehanna River in 
Harrisburg required an inspection which revealed 
rivet failures at bracket tie plates. These 
failures appear to correlate with findings by 
researchers at Lehigh University 1!.l.· Unfasten
ing the bracket tie plates from the main 
girders is discussed as well as other design 
considerations resulting from unfastening tie 
plates near the girder supports. 

Bridge rehabilitation, whether required for 
repairs, strengthening, or widening as part of a 
safety update program, provides an insight into 
unique structural problems--- ome quite unexpected. 
These problems are often compounded if modifications 
must be accomplished under traffic and more partic
ularly if su.ch modifications alter the cha.racter
istics of the existing structure. Quite apart from 
the ricochet effect of details when modifications 
are made to a member or members, there is much in
sight to be gained about how the various structures 
and their components actually function. Such 
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matters as fatigue, corrosion, and joint details 
relate to an understanding of actual structural 
action. This paper addresses several design and con
struction features in the widening and rehabilitation 
of some conventional bridge structures. 

In the widening or rehabilitation of a structure, 
certain obvious constraints will often dictate the · 
overall plan, design scheme and construction methods. 
Alignment may be predicated on right of way, physical 
features or proximity of interchanges. 11\e volume 
and type of traffic will materially affect the modi
fication should it be necessary to maintain traffic 
on the structure. Run-arounds, detours, or temporary 
structures permit modifications without the incon
venience and hazards of traffic, but only under rare 
and fortunate circumstances are these devices found 
both feasible and cost effective. 

Widening the Hackensack River Bridge 

Widening the Hackensack River Bridge carrying 
the New Jersey Turnpike is an example of maintaining 
the center-line alignment and widening the structure 
symmetrically. See Figures l & 2. 

Figure l. 
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Figure 2. 

Widening the John Harris Bridge, which carries I-83 
over the Susquehanna River in Harrisburg, PA, is an 
example of a realignment and widening all on one 
side. See Figures 3 & 4. These two widening 
schemes and their associated structural design 
considerations will be discussed. 

The New Jersey Turnpike Authority's General 
Engineering Consultant~ studied several schemes 
for the proposed symmetrical widening before 
selecting the adopted scheme. This scheme proposed 
new pier sh afts constructed adjacent to the existing 
piers with new longitudinal steel welded girders 
paralleling the existing girders. Floorbeams be
tween the new and existing girders were to be con
structed by splicing a segment onto modified exist
ing cantilever brackets. New cantilever brackets 
were proposed on the outside of the new main girders . 
These f loorbeams and brackets would then support 
the additional stringers and extended concrete deck 
and barrier parapet. All new steel members were 
to be of welded construction using ASTM 588 
weathering steel with high strength bolted field 
connections. 

Figur e 3. 
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Figure 4. 

Given the structural scheme to be employed and 
the requirements for maintaining traffic, the super
structure design called for construction in two 
phases. The first phase consisted of modifying the 
median. The added width of roadway would later be 
very important when undertaking the shoulder widen
ing. Space for temporary barriers and for the two 
lanes of traffic were at a premium. Moreover, of 
considerable importance was the lighting placed 
along the median 1<·hen the outside lights were re
moved for the shoulder widening. The median light
ing consisted of double bracket poles mounted at 
deck level and within the width of the median. 

Structure Integration 

For the shoulder widening, the integration of 
the new superstructure elements with the existing 
bridge required construction procedures that would 
insure the desired load di stribution to both the 
new and existing main members . 
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The Hackensack River Bridge, constructed in 1951 , 
is an all-riveted plate girder deck type bridge with 
floorbeams, can ti lever brackets, a s tl' i11~11=i· sys Ltlm 
and a concrete deck slab. This 1707-m (5600-ft) 
bridge is composed of 35 simple approach spans vary
ing in length from 32 m (105 ' ) to 52 m (170') and 
three continuous spans over the river measuring 
68.6 m - 114.3 m - 68.6 m (225'-375'-225'). At the 
time of construction, this was a record main span 
for a plate girder bridge . The concrete deck pro
vided a 11-m (36-ft) roadway curb to curb for each 
direction, thus accommodating two directional lanes 
of traffic with 3.66-m (12-ft) shoulder. 

In 1956, the northern portion of the turnpike 
was converted to three lanes in each direction. The 
bridge was also converted to three lanes on the 11-m 
(36-ft) deck. Obviously, as traffic increased, 
there was no provision whatsoever for breakdowns, 
and the potential for a catastrophe was ever
present . 

Figure 5. 
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The 1971 widening program focused on providing 
a 3.66-m (12-ft) shoulder on the right and a 
0.61-m (2-ftJ additional space adjacent to the high 
speed lane by replacing the raised median with a 
New Jersey-type barrier . The primary constraint 
for construction was that two lanes of traffic in 
each direction were to be maintained at all times. 
(See Figure 5). Alternates A & B were proposed 
in the contract plans for integrating the new mem
bers with the existing structural system. 

Under Alternate A, the plans called for pre
loading the new main girder by jacking against the 
new floorbeam to remove the dead load camber of the 
girder. The procedure called for a full strength 
splice between the new segment of floorbeam and 
the modified cantilever bracket. The floorbeam was 
to be erected in its final position with slotted 
guide holes for a temporary connection to the main 
girder. This temporary connection provided 
stability to the girder during erection and jacking. 
Once the girder was erected, the erector had merely 
to jack until the mating holes were in alignment. 
Figure 6 illustrates the magnitude of displacements 
at the center of the middle span of the three con
tinuous spans. In this figure, (A) is the upward· 
deflection of the existing main girder upon removal 
of steel and concrete beyond the adjacent stringer; 
(B ). is the deflection of the new steel due to its 
dead load; (C) is the upward deflection of the 
floorbeam due to the jacking force [155688 N (17.S 
tons);) (D) is the deflection of the new girder 
due to the jacking force; (E) is the upward deflec
tion of the existing girder due to the jacking 
force. The summation of these equals the total 
dead load camber (F) of the new girder without in
creasing the loading on the existing girder. 

A • 22.23mm I 1;) UPllFT OF EXISTING GlllDE" DUE TO REMOVAl OF EXISTING SlAll 

B • 44 45mm (134') DEFlECTION OF NEW GIRDER DUE TO Gl"D!R DEAD lOAO 

... 

C • 9 53mm ( 3 .. ) UPl.IFT OF Fl.OOflB!AM CUE TO 155.nN 117 5 TON I 

D • 63.50mm (21z ) OEFlECTION OF NEW GIRDER DUE TO 15!1.HN (17.5 TON I 

E • 28 57 mm 11'1') UPllFT OF EXISTING GIRDER DUE TO 155 .7kN I 17.5 TON) 

F • 168 ,28 mm I 6e;1 TOTAl DEAD lOAD CAMBER 

HI'# F~OOftHAll 

I 
l NEW tl ftO!R --1 l EXl9TJNI 9JftDI" _.,j 
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Under Alternate B, the plans called for 

placing a temporary pin at the splice between the 
new floorbeam segment and the modified existing 
bracket. (See Figure 7). In stage 1, the new 
girder and floorbeam are erected and the temporary 
pin connection is made. In the second stage, the 
stringers are erected and the deck slab and parapet 
are placed on the three outboard stringers, 
leaving a gap in the slab between the third and 
fourth stringers. This distributes the appropriate 
loading to the two girders . In stage three, the 
full section splice is completed and the last 
segment of slab is placed. 

Figure 7. 
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Alternate A has the advantage of having each 
trade complete its work at one time. In Al tern ate 
B, the ironworkers are interrupted and must return 
to complete the splice, erect diaphragms between 
the third and fourth stringers and erect the 
lateral bracing. Similarly, the concrete crew 
must return to form and place the last segment of 
slab. 

The contract documents required the contractors 
to bid both alternates. The successful bidder bid 
Alternate A for less than Alternate B; thus 
Alternate A was employed . The contractor used a 
jacking set-up as shown on Figures 8 & 9. A 
simple yoke arrangement could have also been 
employed. This method of integrating a new member 
with an existing system, where proper distributio'n 
of load is essential, is not only simple, but 
direct and inexpensive. 

Figure 8. 

Figure 9. 
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Fat igue Fai lures on the Hackensack Bridge 
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During the initial stages of construction, 
cracks were discovered in the top flange of the 
cantilever brackets. The cracks started from the 
toe of a continuous fillet weld between a fill 
plate and the flange angle, with the crack propa
gating through the outstanding leg of the angle . 
These cracks were, we believe, just beginning to 
occur. It was considered unlikely that they would 
have been missed in a recent bridge inspection or 
by the painters who had also recently painted the 
structure. (See Figures 10 & 11) . 

The cause of these cracks became readily 
apparent when it was discovered that for several 
of the approach spans, the fill plate between the 
flange and tie plate had been inadvertently welded 
for its full length along the sides by an 8-mm 
(S/16-inch) fillet weld instead of by intermi ttent 
welds as was intended. At other locations wh ere 
the intermittent welds had been used, these had 
failed and the stress transfer from flange to tie 
plate was through the rivets as intended. 

At the locations where the continuous weld was 
employed, the welds were probably carrying the 
total load. This was the tension flange and the 
stresses were not excessive, but the stress ranges 
induced in the welds were obviously high enough 
to initiate fatigue failure. Where failures had 
occurred, these were repaired with splice angles 
(Figure 12). At all other locations, the weld 
was removed and the material ground smooth. The 
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Figure 10 . 

Figure 11 . 
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conversion of the cantilever bracket to a floorbeam 
materially reduced the tensile stresses at this 
location and no further remedies were considered, 

Foundations for the Hackensack Bridge 

Generally, all new pier shafts and foundations 
were constructed separately from the existing piers 
and foundations except for the river pier foun
dations. Because of space limitations and the 
desirability of a continuous footing, the new 
river pier foundations were integrated with the 
existing foundations. The existing pier was 
founded on 14 HP89 piles 15.25-m (SO-ft) to 
30.5-m (100-ft) long driven to rock. To preclude 
overloading the existing piles, the new foundations 
were constructed free of the existing footing, 
leaving a gap between the stems until the elastic 
shortening of the new piles induced by the DL of 
the new pier had occurred. (See Figures 13 & 14). 

Figure 13. 
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The bottom and face of the new footing where it 
overlapped the existing tremie seal was placed on 
a plastic foam to prevent a load transfer. Dowels 
were placed between the two footings; however, 
these would not offer much resistance in bending 
but were required for the final pier integration. 
When the pier shaft was completed, the gap was 
filled with concrete, forming a composite foun
dation to sustain the superstructure dead and live 
loads. 

Figure 15 shows the completed widening. 

John Harris Bridge (r-83) over the Susquehanna 
River 

The Safety Update for the John Harris Memorial 
Bridge carrying Interstate 83 over the Susquehanna 
River at Harrisburg, Pennsylvania will convert the 
existing four-lane two-direction crossing to a 
three-lane plus shoulder southbound crossing. An 
all-new separated superstructure, roughly a twin 
to the existing one, will accommodate northbound 
traffic lanes and shoulders. See Figure 3. 

Although this method of widening does not 
normally present many complex structural problems, 
there are features worthy of note in this type of 
structure. 

The existing John Harris Memorial Bridge was 
constructed in 1959. It includes an all-riveted 
deck plate girder portion of 19 spans. Lengths are 
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Figuro 14. 

Figure 15. 

1 @ 43.2 m, 17@ 51.82 m, 1@ 45.3 m (1@ 141'-8", 
17@ 170'-0", 1@ 148'-7") for a total length of 
969.4 m (3,180' - 2 3/4"). Of these 19 spans, 
four of them include hangers at a one-sixth point. 
This permits the advantages of continuity with a 
reasonable limit on the expansion dam movements. 

Steel in the girders is High Str'ength Low 
Alloy steel with a minimum yield point of 345 MPa 
(SO ksi). Steel in the floorbeams, stringers, and 
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bracing is carbon steel with a minimum yield point 
of 228 MPa (33 ksi). 

The main bridge has two girders spaced 12.8 m 
(42 feet) apart. The girders are 2440 m (8 feet) 
deep at the center of each 51.82 m (170-foot) 
span. A circular arc for the bottom flange results 
in a depth of 3660 mm (12 feet) at each inter
mediate pier . Girder flanges are 203 x 203-mm 
(8 x 8-in) angles with multiple covers 508 mm 
(20 inches) wide. 

In the typical region of the main bridge, there 
are 10 stringers spaced 1700 mm (5'-7") apart, 
except 1625 mm (5'-4") for the center space. The 
first interior roadway stringers are located only 
480 mm (l' - 7") inboard from the girders. All the 
stringers are rolled shapes---W2lx68 sections ex
cept for Wl8x50 fascias. Stringer splices are 
located at floorbeams. 

The typical floorbeam is riveted member with a 
web plate 1725 mm (68 inches) deep at the bridge 
centerline. Flanges are 152 x 152-mm (6 x 6-in) 
angles with 355-mm (14-inch) cover plates. The 
floorbeams at all the intermediate piers have 
2340-mm (92-inch) webs, 152 x 152-mm (6 x 6-in) 
flange angles and 355-mm (14-inch) cover plates. 
All floorbeams have kneebraces to the bottom 
flanges of the girders. 

In the typical section of the main bridge, 
floor beams are spaced 8. 64 m (28' -4") apart. Each 
has cantilever brackets on each side of the bridge 
3125 mm (10'-3") long. These brackets support 
exterior roadway stringers and fascia stringers. 
A strap-plate over the top of the girder---and 
attached to the girder---transmits top flange 
tension from the bracket to the f loorbeam. 

The typical tension strap is cut from a steel 
plate 13 mm (1/2 inch) by 406 mm (16") by 1725 mm 
(5'-8"). The connection to the top flange of the 
bracket uses 14 rivets; to the girder, 8 rivets; 
to the floorbeam, 14 rivets. Four of the latter 
group also pass through the bottom flange of the 
first interior roadway stringer. 

Prior to designing the widening details for 
the existing bridge, an inspection of the struct
ural metalwork was conducted. It revealed a large 
number of broken and loose rivets in the connection 
of the first stringer inboard from the girder 
where the stringer is attached to the strap plate 
for the floorbeam out-rigger bracket and to the 
floorbeam top flange. The failed rivets were 
most often found at the floorbeams directly over 
the piers and in diminishing numbers the farther 
from a pier. See Figure 16. 

Figure 16. 
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At the time of our inspection, we had been infor
med that ~cveral bTirlg~R in P1nnRylvania had exper
ienced floorbeam bracket tension strap plate 
cracking. We searched diligently for evidence of 
similar cracks, but found none. Our inspectors did 
find a number of defective rivets---predominantly 
in the stringer-to-strap-plate connection. The 
superstructure contains 117 floorbeams, so there 
are 234 strap plates and 936 rivets connecting 
stringers to strap plates. Of these, 124 were 
found loose or altogether missing. The failure 
rate---in excess of 13 percent---demanded an 
explanation and possibly remedial action. 

The location of defective rivets was marked 
in the field on a set of 48 inspection sheets. A 
compilation revealed that the incidence of defec
tive rivets favored the floorbeams directly over 
the piers, where approximately 40 percent of the 
defective rivets were found. Another 40 percent 
were found at the floorbeams immediately adjacent 
to the piers. 

Severe rusting was observed at 29 locations 
on the line of the edge of the first interior 
roadway stringer, indicating relative motion with 
respect to the supporting strap plate. At 59 
other such locations, light rust was observed. 
This makes a total of 88 out of 234 such locations, 
nearly 38 percent, at which evidence of distress 
existed. Floorbeams directly over piers had 32 
percent of the rust locations. Another 40 percent 
were at floorbeams immediately adjacent to the 
piers. 

Analytical and field studies of tie-plate 
stresses were conducted at about the time of these 
inspection findings. (3) Those studies resulted 
in a recommendation that designers should avoid 
connecting tie-plates to the girders, in bridges 
of this type. Our office, with the approval of 
PennDOT and FHWA, adopted that policy both for the 
new portion of the I-83 bridge and for modifi
cations to the existing bridge. 

The plans for modification require removal of 
the existing rivets connecting the tie plates 
to the girder tap flanges. The rivets will be 
replaced with high strength bolts which will not 
pass through the tie plates. Omission of existing 
fill plates leaves room for the bolt heads in 
many locations, so the existing tie plates may 
be reused. Elsewhere, special tie plate narrow 
enough to fit between the bolt heads in the 
existing pattern, with a welded-on stem (upstand
ing) to preserve the tension area, will be 
installed. Special surface protection will be 
provided to avoid corrosion on the resulting un
connected faces or in the resulting narrow spaces. 
The feature of special surface protection will 
apply both to the modified existing bridge and to 
the new bridge with strap plates unconnected where 
they pass over girder flanges. 

The design of the tie plates was carried 
one step further. It was recognized that there 
existed the possibility of out-of-plane flexure 
of the web of the floorbeam near its connection 
to the girder due to the relative longitudinal 
motion of the girder top flange and the deck system. 

An analysis, using a finite element procedure 
and the program RIPLl (4) was undertaken. The 
mathematical model consisted of 704 plate elements 
and 68 beam elements, with a finer mesh in the 
region of greater interest. It was representative 
of the geometry of the existing typical floorbeam 
connection. Imposed boundary displacements were 
based on HS20 design vehicles at locations likely 
to be repeated 2 million times or more and, there
fore, deemed significant fatigue loadings. 

From the voluminous results obtained, maximum 
principal stresses were determined. The contourR 
for those stresses have been plotted and are shown 
on Figure 17. Near point A, the level is 57 MPa 
(8.2 ksi). By extrapolation, it has been deter
mined that for an HS20 vehicle located in the 
left-hand passing lane, at the near girder to 
floorbeam connection, the floorbeam web distortion 
stress level would be 69 MPa (10.0 ksi) which is 
well below that tolerable for fatigue at 2,000,000 
cycles. Similarly, an HS20 vehicle located in 
the right-hand traffic lane (not the shoulder) 
would cause a floorbeam web distortion stress at 
the exterior girder to floorbeam connection of 
54 MPa (7.9 ksi) which is well below that con
sidered tolerable for fatigue at "over 2,000,000 
cycles". 

Figure 17. 
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Stress 1s shown 1n Pounds per Square lneh 
It was concluded that cyclical web stresses 

generated in the floorbeam associated with elimi
nation of the connection of the strap plates to the 
girders are low enough to create no difficulty in 
fatigue. However, it was requested that the details 
for the new structure be such that the displace
ment-induced secondary stresses (5) in the floor
beam web will not exceed the "threshold" 28 MPa 
(4.0 ksi), a value identified for the Lehigh 
Canal Bridge. 
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To accomplish this reduction, a study was made, 

again using the finite element procedure, in which 
the depth of the cope which clears the girder 
flange was varied. Three cope depths were used: 
114 mm (4.5 inches), 165 mm (6.5 inches), and 
203 mm (8 inches). As a result of this study, 
the 114-rnm (4.5-inch) cope was modified, which 
is the least that will accommodate the girder 
flanges, to 165 mm (6.5 inches). This change re
duced the "gage location" stress level from 45.6 MPa 
(6.61 ksi) to 22.9 MPa (3.32 ksi) which is well 
below the limiting "threshold". 

The existing bridge does not permit this so
lution in any practicable way. Hence, it has been 
proposed to omit connectors from the two top outer 
locations in the connection angle and to place 
substitute bolts elsewhere in the pattern. Subse
quently, PennDOT decided to apply these modifica
tions to the bracket side of the girder as well 
as to the floorbeam side. They have also proposed 
to monitor the strains that occur in the floorbeam 
and bracket connection plates to ensure that the 
modified structure performs as intended. 

Table of Stresses at the "Gage Location", MP a 

Location 

Girder G-3 
at Piers 

Girder G-3 
at Int. 
Fl. Bms. 

Girder G-4 
at Piers 

Girder G-4 
at Int. 
Fl. Bms. 

Note: l MPa 

Summary 

Web 
Thickness 

9.5 mm 

11.l mm 

4.5 mm 

11.1 mm 

145 lbf/in2 

Code Depth, mm 
114 165 203 

45.6 22.9 9.9 

38.3 19.2 8.3 

36.l 18.2 7.9 

30.5 15.3 6.6 

0.145 ksi 

Two illustrations have been presented of 
widening similar and conventional structures. 
Widening of the Hackensack River Bridge, because of 
alignment constraints, required symmetrical 
widening and the integration of new structure 
with existing. This widening was accomplished 
under traffic and although this complicated con
struction. the methods of integrating· the new 
elements were simple and effective. The widening 
of the John Harris Bridge (I-83 over the Sus
quehanna River, now under construction, is being 
accomplished by adjacent construction. This does 
not involve any superstructure interaction between 
new and existing, or the same degree of impact on 
traffic. Several structural problems and their 
solutions common to this type of structure, were 
identified. 
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EXTENSION OF LIFE FOR PERLEY BRIDGE 

H. Vaidyanathan, M.M. Dillon Limited, Consulting 
Engineers & Planners, Ottawa 

M.S. Cheung, and J.C. Beauchamp, Public Works 
canada 

This paper describes a comprehensive evaluation 
procedure undertaken to decide the future of 
the 45-year old Perley Bridge, a multi-span, 
696.16 m (2284 foot) steel structure, traversing 
the Ottawa River between Hawkesbury, Ontario 
and Grenville, Quebec. The bridge was origin
ally designed for approximately H-15 live load 
and this was to be increased substantially. The 
bridge consists of an assortment of trestle, 
deck-truss, through-truss and bowstring-truss 
spans. The evaluation procedure included 
a number of phases, such as a review of past 
performance records and field inspections, 
theoretical analyses, field and laboratory 
tests etc. which resulted in recommendations 
for repairs and/or replacements of deficient 
members of the bridge. Each phase of the 
study is discussed in detail, in the hope 
that it might prove useful as a guide in the 
evaluation and upgrading of other existing 
bridge structures. Special attention is drawn 
to the need for field and laboratory tests 
to complement the theoretical analyses in 
assessing the validity of the original design 
assumptions and procedures in order to develop 
more realistic analytical models. The load 
factor design method 'was employed to assess 
the theoretical capacity of the bridge. 
Strengthening measures proposed would extend 
the life of the bridge at the current traffic 
level (up to 722.80 kN (162,500 pounds)), 
while allowing for increases in the future. 

The Perley Interprovincial Bridge is a two 
lane high-level structure spanning the Ottawa 
River between Hawkesbury, Ontario and Grenville, 
Quebec. The only crossing from Ottawa to Montreal 
Island, it links Highway 148 in the Province of 
Quebec to Highways 17 and 34 in the Province of 
Ontario (Fig. 1a). Considerable industrial traffic 
uses the bridge, usually to and from the paper 
mill in Hawkesbury. A petition initiated by Sir 
George Perley, M.P., in 1909, first stressed the 
need for a road link across the Ottawa River at 
Hawkesbury. Though the design of Perley Bridge 
was done prior to 1919, the actual construction 
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was completed in 1931. 

History 

Structural 

From the scant records [1] it appears that 
the original structure remained untouched, except 
for some routine painting and minor alignment 
improvements to the approach roadway, until 1961, 
when the Carillon Dam development necessitated 
raising the structure to provide a navigational 
clearance of 12.802 m (42 feet). A section of 
about 548.64 m (1800 feet) was raised, to heights 
varying from 2.44 m (8 feet) to 3.05 m (10 feet), 
and a new through-truss replaced one of the original 
deck trusses for navigational purposes. 

The steel superstructure, as it stands today, 
is 696.16 m (2,284 feet) long between abutments, 
and is made up of an assortment of 27 trestle 
spans, 5 deck-truss spans, 1 through-truss span 
and 1 bowstring-trus~ 8µan (Fig. lb). The deck 
is an exposed concrete slab, carrying a clear 
roadway with a width of 7.315 m (24 feet) between 
curbs, and a 1.524 m (5 feet) sidewalk on the 
west side only, resting on supporting steelwork 
with no shear connectors. The deck over the 
relatively new through-truss span (1961) is of 
corrugated metal planks tack welded to the sup
porting steel work and filled with asphalt to 
form the riding surface. 

Most of the superstructure is of open-hearth 
steel and assembled together by power driven shop 
and field rivets. The substructure piers and pede
stals are 20.648 MPa (3,000 psi) concrete founded 
on solid rock. 

More than 300 contract, shop and erection 
drawings prepared during the period 1914-i961 
were obtained from various sources, and from them 
it was determined that the structure was built 
according to c.E.S.A. standard A6-1929 [2,3,4,5]. 
The design live-load was specified as U-100 
(4.79 kN/m2 (100 psf) for spans up to 30.118 m 
(100 feet), dropping l i nearly to 3.822 kN/m2 (80 
psf) for spans 60.96 m (200 feet) and greater), 
or one 177-9 kN (20-ton) road roller or t wo H-15 
trucks side-by-side. The through-truss span was 
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designed for two lanes of HS-20 loading in 1961. 

Maintenance 

Improvements to the south approaches were 
made in 1965-66 and the superstructure was painted 
in 1963 and 1972-73. 

Performance 

During the winter of 1972-73, a header angle 
(Fig. 2) on one of the south trestle spans failed, 
causing one corner of the span to fall several 
inches. Repairs were rapidly carried out and 
the structure was put back in service. This failure 
prompted serious considerations about the ability 
of the structure to carry modern traffic, and 
a program to assess the safety of the structure 
was begun in May 1973. 

Figure 1a. Perley Bridge. 

Figure 1b. General arrangement (existing). 
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Investigation Program 

A flow chart indicates the sequence of oper
ations conducted under this investigation (Fig. 
3). 

The three main groups (apart from various 
individual specialists) involved in the safety 
assessment program were Public Works Canada, M.M. 
Dillon Ltd., Consulting Engineers, Ottawa and 
the Ministry of Transportation & Communications, 
Ontario. Each phase of activity undertaken by 
the various groups would form a chapter by itself, 
and hence it is suggested that reference be made 
to the individual reports of each of these groups 
(6, 7, 8, 9, 10 and 11). 

The investigation program was conducted in 
several stages; field inspection (underwater, 
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visual and non-destructive), collection of traffic 
data, theoretical estimates of the carrying capacity 
of the existing structure based on the 1970 and 
1974 AASHTO manual for maintenance inspection 
of bridges (12, 13), field tests to supplement 
the theoretical work, laboratory tests to determine 
the various properties of materials in the structure 
and determination of the various strengthening 
measures needed to accommodate the more realistic
ally observed Ontario loads [ 14, 15] . This paper 
briefly reviews the salient features of this program. 

Program Description 

Field Inspection 

Underwater Inspection. The piers and found
ations under water were inspected visually for 
major structural damage such as ice damage, crack
ing, scouring and shifting of foundations. Noted 
were small cracks or concrete honeycombing that 
might indicate causes for possible failure in 
the future. Depth soundings were taken at the 
four faces of each pier and the existing river 
bottom around the footings was inspected for erosion 
or undermining. Underwater photography was not 
required. 

Generally, the substructure below the waterline 
appeared to be in good condition. The approximate 
velocity of the current varied from 0.5 m/sec 
to 3 m/sec (1 to 6 knots) and no cause for concern 
of erosion was noted. Minor damage in the form 
of cracks or honeycombed areas were observed. 

...,_ ,,...,,;.. . 
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Figure 2. Header angle connection. 

Figure 3. Perley Bridge investigation program 
(Flow Chart) • 
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Above Water and Superstructure Inspection. 
A visual inspection ot all members and connections 
in the steel superstructure was supplemented by 
mechanical testing and 111.glletic particle testing. 
In general, the following deficiencies were ob
served: 

1. A visual inspection was carried out at 
all piers and abutments above water or ground 
level. Apart from some minor cracks, spalls and 
honeycombed areas, the substructure appeared 
generally sound (Fig. 4a). 

2. Bearings varied from good to severely 
corroded or completely frozen (Fig. 4b). 

3. Some header angles connecting girders 
to columns appeared to be undergoing possible 
fatigue problems. While no apparent evidence 
of surface cracking was observed, the heavy magnetic 
particle equiplllllllt detected possible fatigue 
problems at the top of the heel of some header 
angle11. 

4. Severe corrosion on floor beams was observed 
adjacent to the open expansion joints, and where 
curb drain holes· discharged directly over floor 
beams. Some end floor beams appeared to have 
lost 50 per cent of their web thickness locally 
(Fig. 4c). 

5. The steel decking of the relatively new 
through-truss was flexible, and as a result the 
asphalt surfacing had been deteriorating badly. 
Neither surfacing nor decking were watertight, 
and this caused corrosion of the decking and floor 
system. 

6. Expansion joints in the various spans 
had not been fUnctioning properly and they appeared 
to suffer from poor detailing, poor installation 
and bad corrosion (Fig. 4d). 

7. Concrete deck and sidewalk, from a visual 
inspection and the chain-drag method, showed 
localized areas of spalling and delamination over 
5 per cent of the deck. The spalls were mainly 
confined to the top of deck slab, but also occurred 
on the underside of the slab (Fig. 4e). 

8. The railing generally appeared to be in 
poor to fair condition, and did not meet current 
traffic rail standards (Fig . 4f). 

9. Clearance, speed limit and load limit 
signs were illegible, faint and badly weathered. 

Traffic Study 

It was considered prudent to obtain and collect 
information on the traffic usi111 the bridge before 
settling down to any theorizi111. Based on the 
traffic data gathered in 1972 and a series of 
one-hour and half-hour counts in October 1973, 
the SAWDT (Summer Average Weekday Traffic) was 
estimated to be about 11,000 to 12,000 vehicles 
per day, 20 to 30 per cent being trucks. Apart 
from logging trucks bound for the Canadian Inter
national Paper mill (C.I.P.), other heavy vehicles 
using the bridge included liquid and solid bulk 
carriers, floats with heavy earth-moving equipment, 
and flat-beds with loads of concrete blocks or 
concrete pipe (Figs. 5a, 5b). The following in
formation was extracted from C.I.P. weight records 
in 1973 (Fig. 6). 

Clearly, the bridge structure had been subjected 
to loads much heavier than those for which it 
was designed. 

Theoretical Estimate of Structural capacity -
Analysis and Design 

An elastic analysis with assumptions consistent 
with common practices according to existing stand
ards (12, 13, 16] had been made as a first step 
in the evaluation procedure. These assumptions 
have been summarized below. 

1. Deck slab continuous over transverse floor 
beams, considered non-deflecting. 

2. Floor beams simply supported on longitudinal 
girders and act without any composite action from 
the deck slab . In estimating loads on floor beams, 
no wheel load distribution has been allowed for 
in the lateral direction, while in the longitudinal 
direction, distribution has been determined based 
on the deck slab acting as continuous span, all 
wheel loads being considered as point loads. 

3. Longitudinal girders span between the 
trestle columns as simple spans. Note the absence 
of any connection between the flanges of girders 
and the columns. 

4. Columns fixed in position and direction 



67 

Figure 4a. Local spall areas in pier. Figure ~d. A typical expansion joint. 

Figure 4b. Bearing assembly. 

Figure 4e. Spall areas (underside of the deck) 

Figure 4c. Severe corrosion of floor beam. Figure 4f. Inadequate railing. 
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Figure 5a. Floats with construction equipment. 

Figure Sb. Flat-beds with concrete blocks. 

" :,-. 

at the base, and held in position at the top by 
restraints provided by bracings in the longitudinal 
direction. 

5. Trusses analysed as both pinned and rigid 
jointed plane frames. 

Design Methods . 
for design employed 
Stress Design (WSD) 
Design ( LFD) . 

The theoretical oapaoity 
two methods; Method I - Working 
and Method II - Load Factor 

Working Stress Design. This is based on "AASHTO 
Manual for Maintenance Inspection of Bridges -
1970" [12]. 

1. Allowable stresses specified in [12] were 
used for botb operating and inventory load rating. 
These are sulllllllrized in Table 1 for the inventory 
rating. 

2. The Secant formula, as in [12], was used 
to deal with oases of axial compression and bending. 

3 , Load capacities of the various elements 
of the structure were computed as fractions of 
AASHTO loadings. For example, a member capable 
of carrying 65 per cent of H-20 loading was rated 
at H-13, and so on. Table 2 provides a summary 
of ratings of some of the items in the structure. 
It is clear from the table that some structural 
elements rated in the order of AASHTO H-12 (60 
per oent of AASHTO loading H-20). According to 
the 1931 specifications the structure was designed 
for a loading similar to AASHTO H-15 (75 per oent 

Figure 6. Status of traffic on bridge at time 
of inspection (May, 1973) - abstract from C.I.P . 
Weight records. 
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Table 1. Allowable stresses used for inventory rating. 

Type of Stress 

Tension in Structural 
steel (0.55 times yield 
point) 

Tension in reinforcing 
steel 
Shear in rivets 
Compression in Concrete 
Safety factor in 
Compression member 

Allowable stresses 

113 . 76 HPa ( 16.6 ksi) -
1931 steel 
125.49 MPa (18.2 ksi) -
1961 steel 
125.49 HPa (18.2 ksi) 

91.01 HPa (13.2 ksi) 
12.41 HPa (1.8 ksi) 
1.48 

Table 2. Swmnary of ]pad rating. 

Members Load rating using AASHTO (Manual 
1970) (Inventory Level) 

HS -
Columns 7- 9d 

9-11 
Deck Trusses 8-16 

16-20 
20-25 

Bowstring Truss 13-15 
15-20 

Girders 10 
Floorbeams 13 
Deokslab 20 

Trucks 
(55i)& 
(45%) 
(52j) 
(24%) 
(24j) 
(48j) 
(52j) 

H - Trucks 
11-13 
13-16 
12-16 
16-19 
>19 
17 
19 
>19 
13 

(45%) 
(55j) 
(40j) 
( 12%) 
(48%) 
( 3'+j) 
( 11+'.I) 
(52$) 

Note: Through-truss not evaluated . Design according 
to AASHTO HS-20 loading . 

~Indicate rating of HS7-HS9. 
Indicate percentage of rated members . 

of AASHTO H-20 loading), The discrepancy between 
the rating and the original design loading oan 
likely be attributed to differences in design 
criteria and methods, or higher allowable working 
stresses in the original specifications (that 
is, the allowable tensile stress in 1931 specifi
cations was 121+.1 MPa (18.0 ksi) as compared to 
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Figure 7. Proposed Ontario bridge design load 
_ RR186 (modified since this project to form the 
basis of the forthcoming Ontario Highway Bridge 
Code). 
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the allowable rating stress of 113.76 MPa (16.5 
ksi)). 

Load Factor Design. This is according to 
the most recent edition of the AASHTO Maintenance 
Manual (1974) (13) and partial load factors criteria 
[ 14) . 

1. To allow for the type of heavy traffic 
using the bridge, a hybrid concept was developed 
from AASHTO Codes (13, 16) and MTC Research Report 
No. RR 186 [ 14) . Because it was economically 
impossible to restrict traffic for even a short 
period of time, a two-stage approach was taken. 
The first stage called for an immediate short
term upgrading/remedial works to carry loads of 
gross vehicle weight (GVW) less than 355.84 kN 
(80,000 pounds) and gross axle weight (GAW) less 
than 88.96 kN (20,000 pounds) (17]. The second 
stage called for long-term remedial work that 
would enable the bridge to carry the maximum 
proposed Ontario Bridge Design load. (GVW and 
GAW not to exceed 722.80 kN (162,500 pounds) and 
189.04 kN (42,500 pounds) respectively) (Fig. 
7). The short-term solution depended on implement
ation of all recommendations regarding traffic, 
weight and speed control on the structure (16]. 
Whenever guidance was not available from RR 186·, 
AASHTO Codes were used. 

2. The structure capacity evaluated by the 
introduction of partial-load factors (14] satisfied 
the following general equation: 

((1-µ) ~ x Capacity] 2:. [D x FD + (1+i) m x Ax FL] 

where: 

µ deterioration factor 

= 0.10 (members immediately below 
deck and existing fasteners) 

= 0.05 (all other members) 
capacity 
= 0.80 
= 0.85 

reduction factor 
(truss members) 
(remaining steel members and 
reinforced concrete in shear) 
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= 0.90 (reinforced concrete in flexure) 
Capacity (moment, Shear or reaction) 

D 
FD 

i 

m 

A 

FL 

= Fy x flexure modulus etc., as per 
AA SH TO 

dead load (moment, shear or reaction) 
dead load variation factor 
= 1.10 (steel) 
= 1.15 (concrete) 
= 1.33 (asphalt) 
impact factor 
= as per AASHTO 

- multiple presence indicator representing 
various possible combinations of simul
taneous presence of more than one vehicle 
on the bridge (m = 1 for two loaded 
lanes) 
maximum allowable live-load (moment, 
shear or reaction) 
Live-load variation factor 
= 1. 10 for short-term 

1.20 for long-term (Based on MTC's 
projected study of traffic 
growth for the period of 15 
years.) 

Safe load capacities of members with axial 
compression and bending were determined according 
to the load factor design method given by the 
AASHTO 1974 Maintenance Manual. 

3. The types of vehicular loadings investi
gated were; proposed Ontario Bridge Design Load 
(Fig. 7) and axle combinations permissible by 
the Ontario Bridge formula (17]. 

Short-term Upgrading . The structure was 
strengthened to carry loads up to 355.84 kN (80,000 
pounds) on a short-term basis and sign posted 
for load limits. The extent of major repairs 
was confined to the following: 

1. Seating brackets under girders of trestle 
spans. 

2. Prestressing to the bottom chord of bow
string truss and to the tension diagonal of 68.28 m 
(224 feet) decktruss. 

3. Bracing members to increase the capacity 
of some diagonals in deck trusses. 
4. Armouring of all joints in the deck. 

Long-term Upgrading. While the short-term 
solution was arrived at hastily, on the basis 
of theoretical findings only, the target of achiev
ing a load capacity of 722.80 kN (162,500 pounds) 
on a long-term basis (a phenomenal increase from 
the present day AASHTO standards), required a 
careful and efficient assessment of the full 
capatli.lities .or .. t.lla .s.tl'uc.ture. Considering the 
question of total reliability of the various 
assumptions in a theoretical exercise, a combination 
of analytical and experimental procedure in the 
form of load tests on the actual structure was 
pursued. The main thrust of the testing program, 
details of which are described below was to verify 
or suitably influence the analytical method in 
its theoretical assessment. Apart from that, 
the test would provide, with a reasonable degree 
of confidence, ultimate proof of the load-carrying 
capacity of the .structural units corresponding 
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to the application of selected loads . In view 
of the expected increase in the life of the struc
ture and possible variations of traffic types 
during this period, some chllllles were made to 
the design and analysis criteria adopted earlier. 
The changes introduced also reflected the findings or the test program and were ae follows: 

1. Trusses were to be analysed as rigid-jointed 
plane frames. 

2. Partial continuity of longitudinal girders 
in trestle spana were to be considered. 

3. Flexural effects in the columns were to 
be suitably accounted for due to 2 above. 

4. Thermal stress in the structure was to 
be relieved by repair or replacement of expansion 
bearings. 

5, Floor bea.mB were to carry loads without 
the help of composite action from the deck slab. 

6. Impact factors were to be modified to 
50 per cent (colWDlls) and 30 per cent (trestle 
spans and trusses). 

7. Refined methods of analysis considering 

Figure 8. Trestle span (typical) . 
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Table 3. Vehicular load distribution effects 

Bending moment in floor beam (kN - ml 
Locat12n 

Floor beam Load Positi on al a2 a] a4 
F1 41. 9 100. 1 158. 4 137 .0 

(adjacent (11 .2)° (60.9c) c 12.3) ( 92. 5c) 
· to Exp. joint) 17 , QC 61. 7 114. 9c 94.6 

F4 41 . 9 100.1 158.4 137.0 
(typical 2 (7 • 5c) (22.4) (56. 7c) (41. ac) 
interior a . o 25.0c 69.2 43.7 

beam) 

Bending moment in Girders (kN-m) 
Location 

the interaction of the various elements of the 
bridge were to be used, where felt neoessary, 
to draw upon the more realistic load distributing 
properties of the structure than assumed by simple 
methods. This approach appeared to be reasonable 
from the capability of the existing bridge to 
carry the test loads without signs of distress. 

Numerical Example. An example shown in Figure 
8 and Table 3 illustra te:J the differing results 
obtained depending on the type of analysis employed; 
Analysis I - simplified method according to AASHTO 
code Section 3 (13, 16); Analysis II - Finite 
Element Analysis Using "STRUDL" Program. 

The following procedure was adopted for Analysis 
I: 

1. Proportion Of axle load 'P' for the design 
of floor bealll:J is (S/6)xP (Table 1.3.1 c). 

2. No lateral distribution is considered 
(l.3.1 c) for calculating a) bending moment:J 
on floorbeams and b) proportion of load on girders. 

3. Longitudinal distribution of load on girder 
is obtained as reactions on floor beams based 
on continuous slab analysis. 

4. Using reactions determined from 2 & 3 
above, bending moments in girders are calculated. 

In Analysis II, the structure was modelled 
into an assemblage of beam and plate elements 
and the following assumptions were made: 

1. 
2. 

without 
3. 

points. 

a5 
105.9 
(80. 1) 
ao. 5c 

105.9 
(43. 5c) 
45.0 

Linear elastic analysis 
Isotropic slab resting on floor beams 
composite action; sidewalk slab ignored. 
Concentrated wheel loads assigned to nodal 

a6 a7 
21. 9 -63.3 
(7 . 2) 6 . ac (-68 . 3) 

-69. 3c 
21. 4 -63 . 3 

(-1. 0 ~) (-4 3. 4e) 
4. 1 -47. 6 

Girder Lgad Pos:! tioo b1 b2 b3 b4 b5 b6 b7 

2 

2 
2 

212.6 

(207. le) 
205.2 
299.7 

( 283.8~ 281.0c) 
225.5 

( 216.0c) 
221.0 
318.0 

(285. 8~\ 
289.iJ 

q25.6 637.9 658,3 51q,1 342 .5 

(~~~:~~ (~~~:~~ (~~~ : ~0 (~~~:~0 (~~~:}) 
171 . 5 

( 163.5~ 163. le) 
599.4 899.0 928.0 724.6 482.9 241 . 8 

( 547. 6c\ (793. Sc\ (832. Oe\ (654 . Se) (433 . Oe) (216 . 6c) 
550.3/ 818.8/ 858.6/ 657.0 433,9 217 . 0 
451.1 676.6 651 . 0 625.4 599,9 382.3 

(~~~:~~ (~~~:~~ (~~b : ;~ (~~~:}) (~~~:~) (~~i : ~) 
635.8 953.8 917 . 7 881.7 845.6 538 . 7 

( 574.8c\ (830.~) (827 . 3c) (796. lc) (745 . 8~ (487 ·%) 
5a1.t.1 856.3 854 . 4 797. 1 746 . S/ 488 . 2 

~Figures in ( indicate Analysis II 
c-ve indicates hogging moments 
Indicates results obtained by Analysis II, considering random slab elements with 

negligible thickness to represent scattered spalls in bridge deck. 

r 



4. External restraints in the direction of 
. loads only at column supports. 

5. Poisson's ratio in concrete= 0.15, in 
steel = 0 . 30. 

Comparative study or the two methods indicated 
that simplified methods could lead to overestimation 
of capacity requirements as noted below: 

1. Maximum bending moments in floor beams 
obtained from Analysis I are far in excess of 
those obtained from Analysis II (41J for Load 
Position 1 and 279S for Load Position 2). 

2. Maximum bending moments in girders deter
mined by Analysis L are slightly in excess of 
those obtained from Analysis II (5 to 15S); the 
aspect ratio (span/width = 2.33) of this grid 
reflects its predominant behaviour in the long
itudinal direction. 
3. Random spalls in bridge deck do not have any 
significant effect an the load distribution char
acteristics of the grid. 

Field Tests 

These tests involved experimental stress 
analysis by monitoring parts of the structure 
mainly through strain readings taken with the 
aid of electrical resistance strain guages [8] 
and simultaneous complemental monitoring of these 
components by acoustic emission [ 11] , as loads 
were applied in increments up to a predetermined 
proof load . 

Briefly, the two systems di ffer in the sense 
that while electrical resistance strain guages 
are quantitative, the acoustic emission is only 
qualitative. The latter provides an indication 
of the integrity of the structure at the selected 
points of interest by projecting warnings of 
incipient failures during test loading. 

Objectives. The load testing program was 
confined to specific and representative areas 
of the structure evaluated as deficient by the 
theoretical work. The main objectives of the 
test were to determine the actual behaviour and 
the load distributing properties of the various 
components of the structure in its true three
dimensional state, a factor not accounted for 

Figure 9. Two testing vehicles. 

adequately in the analytical evaluation of the 
capacity of the structure. The main areas of 
investigation were: 

1. For trestle spans, the possibility of 
longitudinal girders possessing more stiffness 
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and capacity than could be predicted by the analy
tical assumptions of simply-supported spans between 
columns. 

2. The effect of deck slab on the composite 
action of floor beams in flexure and on the webs 
of the floor beams directly over the longitudinal 
girders. 

3. The load-moment transfer into the supporting 
columns from live load and the study of more real
istic boundary conditions for the columns than 
the assumed end conditions (these effects were 
monitored for both static and dynamic loading). 

4. The load distribution characteristics 
from decking system to main load-carrying members 
in trestle spans. 

5. For trusses, the end conditions of the 
various members forming the truss were investigated , 
and the effects of thermal variations in the truss 
members caused by malfunctioning of existing 
expansion devices. 

6. The study of impact factors based on dynamic 
tests . 

7. The strength capacity of randomly deterio
rated deck slab subjected to heavy axle loads. 

Procedure. Two remote-controlled test vehicles 
(Fig. 9), capable of providing load lifts of about 
765.06 kN (172 kips) each, were loaded incrementally 
using concrete blocks for the load . Dynamic effects 
were simulated by running the vehicles at var i ous 
speeds over bumps created by laying plywood planks 
over the deck. 

Conclusions. The following observations and 
conclusions were drawn from the above mentioned 
field tests. 

1. For the floor beam and deck slab, the 
bare steel section of the floor beam has neutral 
axis (NA) at 267 mm (10.5 inches) from the soffit, 
while with full composite action with deck slab 
(without any shear lag), the theoretical NA should 
have been at 484 mm (19.07 inches). Table 4 shows 

Table 4. Measured neutral axis (floor beam) . 
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Figure 10. Test and analytical results (Trestle 
span). 

MEASURED STRESS IN EAST GIRDER W M Pa 
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scattered results indicating no fixed pattern. 
Thus there was a failure to predict the degree 
of composite action with any certainty. 

2. Figure 10 indicates a comparison of test 
and analytical stresses in the longitudinal girder 
of the trestle span. The theoretical figures 
are consistently higher than the corresponding 
measured ones. This is explained by the existence 
of partial continuity of the girders through columns 
and non-functioning expansion joints restraining 
joint rotations over the supports. Measurement 
of thermal stresses in the girder suggested the 
desirability of reducing these by functioning 
expansion devices. Though the existing header 
angle connection between girder and column is 
theoretically a flexible one transferring pure 
shear only, field tests revealed the presence 
of some restraining moments at the junction. 

3. Table 5 reveals that good correlation 
exists between the test and the analytical results 
of a rigid-jointed truss. 

4. Impact factor derived as a ratio of maximum 
increase in static load stresses to maximum static 
load stress at any time is tabulated in Table 
6 for various speeds and bump heights. A reasonable 
interpretation of the results suggests an estimate 
of impact factors higher than AASHTO criteria. 

5. Acoustic emission monitoring detected 
no active cracks in the members tested. Minor 
reversible emissions noted in some members were 
attributed to normal relaxation of the structure 
in response to application and removal of the 
load. Joints monitored on the bowstring truss 
showed emissions corresponding to discreet movements 
but this activity did not increase systematically 

Table 5. Comparison of field & analytical resuits 
(Bowstring truss). 

i 
- -~- -- ~ 

: ,',.:- ---\Al. ... 
' ' 

1 
' 
' 

~. ~ ... 
I j••'-o 

so... I .... -
4'1 .11 151... 151.11 

IUDI •.oi - OV. 101.to IN - \IWMtell I 
l'N.12 111.fl-G VW 110.51 llN-'ilHICll 2 

Member Testa Analyticalb 
P - kN (Total load (Total load 
M1, M2 - kN-m = 1414.46 kN) = 1445.6 kN) 

LOUl p 1063.07 1214.30 
Ml -15.73 8.27 
M2 49.49 72.94 

u1u2 
p 1169.82 1240.99 
Ml 22.78 42.57 
M2 12.47 20.47 

LOL1 p 791. 74 1112.0 
Ml -24.27 -8.13 
M2 62.64 96.67 

L1L2 p 809.54 1116.45 
H1 63,54 91.92 
M2 4,75 7 .19 

a bMoment values obtained outside of gusset plates 
Moment values obtained at junction of members 

Table 6. Impact factors computed from data of 
dynamic load test on span 2. 
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with the load, suggesting no active cracks but 
only possible slipping in the joint. 
Laboratory Tests 

Laboratory tests were grouped into the following 
categories: 

Steel in Superstructure (chemical, mechanical, 
weldability, brittleness). Test coupons were 
taken from columns, floor beams and some truss 
members. Samples chosen for analysis were ·con
sidered fairly representative of the bridge con
sidering that almost all steel was fabricated 
by the open-hearth process according to C.E.S.A. 
specifications for steel highway bridges No. A6-
1929. 

{ 

\ 



Table 7. Properties of steel . 

Mechanical 

Sample 
Number 

lM 
2M 
3M 
4M 
5M 
6M 
7M 

Chemical 

Sample 
Number 

1C 
2C 
3C 
4C 

Yield point Tensile strength 
MP a MPa 

235.8 
281 . 3 
266 . 8 
228.9 
279.2 
266.8 
279.2 

Carbon Manganese 
(C)% (Mn)% 

0 . 18 0 . 60 
o. 14 0.49 
0 . 10 0.43 
o. 13 0 . 44 

384 . 0 
386. 1 
409.6 
355. 1 
386.8 
386 . 8 
376 . 5 

Phosphorus 
(P)j 

0.016 
0.018 
0.013 
0.012 

Char.l!:t: V-notch 

% Elongation 
(203 mm gauge 
length) 

30 
24 
32 
23 
27 
20 
29 

Sulphur Silicon 
(S)% (Si)% 

0. 01; 0.02 
0.014 0.04 
0.012 0.02 
0.015 0.06 

Sample Test temperature Charpy E:nergy Average 
Number Energy 

(C•) (N-m) (N-m) 

1V 14.9 
2V -17.5° 13. 6 15.1 
3V 16.9 
4V 18 . 3 
5V 20 . 3 
6V - 6.6° 29 . 2 22.8 
7V 24 . 4 
8V 21. 7 

Note: 1 MPa = 0.145 ksi, 1 N-m = 0. 738 ft-lb. 

Carbon equivalent obtained from the chemical 
analysis based on the formulation Ceq = C + Mn/3 
(a "worst case" formulation) rates the steel to 
be highly weldable. Weld tests performed on the 
samples indicated hardness of the heat affected 
zones not exceeding Vickers 223 with 300 being 
the practical limit, and suggested no problems 
of crack formations [ 19] . However, in view of 
the possibilities of high restraint and variations 
in the chemistry of material in the actual struc
ture, a low strength, low hydrogen electrode E 
7016 as specified in CSA code W59. 1 - 1970 was 
adopted. 

Charpy V-notch testing of specimens was con
ducted at two different temperatures. Considering, 
in bridges, the expected maximum rate of loading 
to be 1/10,000 times the strain rate in a Charpy 
Impact test [ 20] , the fracture toughness obtained 
was considered satisfactory. Table 7 shows the 
results of analysis on some of the samples. 

Concrete in the Deck. Concrete cores obtained 
from various locations in the deck were subjected 
to compression tests and chemical analysis to 
determine the level of soluble chloride ions. 
Table 8 shows consistently high compressive 
strengths and a remarkably high chloride ion content 
than present day researches on bridge deck deterio
ration would accept. Reasons for such high con
centration remain unclear though possibilities 
of chloride admixtures in the concrete could not 
be ruled out. 

Table 8. Properties of concrete. 

Compressive strength 

Core Diameter Height 
Number 

mm mm 

lC 94 184 
2C 94 140 
3C 94 117 
4C 94 165 
5C 94 152 
6C 94 156 
7C 94 133 
8C 94 156 
9C 94 165 

10C 94 171 

Chloride Content 

Unit Weight Compressive 
Strength 

kg/m3 MPa 

83 . 7 
86 . 6 
89 . 6 
81. 9 
87 .2 
86.6 
86 . 0 
87.8 
84.8 
85 . 4 

32.27 
45. 16 
50.33 
42.95 
39.85 
51. 30 
56.68 
50.54 
47.78 
36.61 
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Core Slide number 
Number 

a p.H value Chloride conten3 
kg (chloride)/m 

1CH 1 
2 
3 

2CH 1 
2 
3 

3CH 1 
2 
3 

4CH 1 
2 
3 

11. 6 
11. 7 
11. 7 
12.0 
12.0 
12. 1 

4.56 
3,79 
1.94 
5.47 
2.22 
0.33 

10.06 
5.84 
4.91 
7,95 
4.44 
1.64 

aSlide number 1 represented the wearing surface 
slide number 2 represented concrete to a depth 
of approximately 1-1/2 inches below surface and 
slide number 3 represented concrete approximately 
2-1/4 inches below surface. 

Fatigue Life 

Complexity of factors attending the determin
ation of the remaining fatigue life of an existing 
structure needs no special emphasis. Considering 
only the sketchy history of traffic available 
in the present case, attempted theoretical study 
did not seem satisfactory. However, it has been 
decided to replace the existing rivets by high 
strength bolts on all members subjected to tension 
and reversals as a measure to prolong the fatigue 
life of the structure [21). Welded details for 
member strengthening have been kept to a minimum 
and totally avoided on members subjected to tension 
and stress reversals. 

Details of some Strengt hening_ Mea.sures 

At the time of writing this paper, the project 
is in various stages of design and construction. 
Some repair techniques are discussed briefly here. 
Strengthening in general, has been done by the 
addition of materials using both bolted and welded 
arrangements. Welded details have been avoided 
on tensile members and members subjected to re
versals. This is to ensure lesser burden on future 
inspection and maintenance . Some compression 
members have been upgraded by bracing them against 
buckling (Fig. 11a). A combination of knee braces 
between columns & girders and cross braces between 
the webs of floor beams at the trestle spans 
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Figure 11a. Bracing details. 

Figure 11b. Kneebraces. 

Figure 11c. Expansion bearing. 

(Fig. 11b) reduces the possibility of failure 
of floor beam webs, improves the capacity of 
longitudinal girders by providing continuity over 
spans, strengthens the suppor t~ ~g columns against 
buckling and relieves partly the load on the header 
angle connections between girders and columns 
by sharing in the joint effects. Existing cast
steel bearing assemblies under expansion ends 
of trusses have been replaced by elastomeric type 
bearings. Trestle span expansion devices have 
been modified as shown in (Fig. 11c). Figs 12a, 
12b, show details of some strengthening items. 

Strengthening details have been proportioned 
according to load factor design such that; 

1. Totally new members and compression members 
are stressed to yield limits. 

2. New materials added to the original members 
(tension and reversals only) are stressed to a 
limit of (Fy-Fo), where Fy is yield stress of 
original members and Fo is stress in original 
member from dead load only. 

Cost of Repa i rs 

Before deciding on a programme of long term 
upgrading, studies were made on the relative 
economics of (i) retaining the existing bridge 
for auto traffic only with minimal maintenance 
works and an adjacent new bridge for heavy truck 
traffic only and (ii) strengthening the existing 
bridge for one lane auto and one lane truck traffic 
and an adjacent new bridge for similar traffic. 
The total replacement of the bridge on the same 
location was not studied in detail considering 
the good salvage value of majority of the bridge 
components and the serious consequences of major 
shutdown of the crossing on the local industries. 

The total estimated cost of repairs is about 
$1 . 7 million. Repair works are being done in 
vario~s phases to accommodate the availability 
of funds and the urgency of repair items. All 
major structural repairs ~re expected to be com
pleted by September, 1979 , Two contracts amounting 
to $540,000 (about $300,000 for short term up
grading) have already been completed and the next 
one amounting to $744,000 is to begin in July 1978. 
Breakdown of repair costs is as follows: 

Trestle Spans 
Deck Truss (68.28 m) 
Deck Trusses (51.82 m) 
Bowstring Truss 
Through Truss 
Miscellaneous 
(Deck Patching, Pier Spalls 
Expansion bearings, seals, 
approaches, replacing rivets 
by bolts, etc.) 

Conclusions 

Superstructure 

$ 348,000 
$ 54,000 
$ 116,000 
$ 51,000 
$ 62,000 
$1,000,000 

Generally, the safe load capacity of existing 
bridge components based on simplified methods 
of analysis and working stress design can be under
estimated. Load factor design using refined methods 
of analysis to account for the complete interaction 
of the various elements of the bridge results 
in better assessment, as noted in the case of 
Perley Bridge. This approach appears to be satis
factory considering the ability of the existing 
bridge to carry the test loads without signs of 
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Figure 12a. Top and bottom chord strengthening 
details (Bowstring truss). 
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distress. Needless to say, the extent of the 
sophistification that can be employed in the 
analysis must reflect the high probability of 
non-homogenity of materials due to decay and other 
causes, variations of dimensional tolerance, damage 
to existing members, if any present in an aging 
structure. 

Perley Bridge, evaluated originally to be 
grossly deficient according to WSD, has now been 

upgraded to the desired level with minimum remedial 
measures by employing the many - faceted approach 
described in this paper. Deviations from the 
normally accepted AASHTO standards have been made 
to reflect the prevailing conditions in Ontario 
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and Quebec and the prototype field tests conducted 
on the bridge, with regard to loading and load 
factors, impact factors, distribution of vehicular 
loads, actual joint condition at ends of truss 
members, column-girder connect i ons and slab capacity . 

Substructure 

Foundations resting on solid rock were not 
considered to be problematic in accommodating 
the increased loads. Analytical checks on pier 
and abutment secti ons, based on load factor design, 
indicated no cause for concern provided the inte
grity of substructure was carefully monitored 
by periodic inspections. 

Deck 

Despite the alarming presence of chlorides, 
the deck appeared generally sound. The long-term 
requirement of a durable deck raises the debate 
about the choice between total replacement or 
maintaining the existing deck by frequent programs 
to patch stray areas of scaling and spalling as 
they develop. Considerable work on the economics 
and workability of these two choices finally led 
to an interim decision to continue the current 
maintenance program, and defer any major replacement 
until absolutely necessary. In the meantime, 
the state of the deck is being carefully monitored. 
However, it has been planned to repair the deficient 
metal pan deck of the through truss with concrete 
filling using the pans as forms . 

Handrails 

The nature of work in upgrading the handrails 
to modern day standards is directly tied in with 
the possible future deck slab replacement (anchor
ages etc.) . 
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RENOVATION OF LIONS' GATE BRIDGE NORTH VIADUCT 

Peter R. Taylor, Buckland & Taylor Ltd., Consulting Structural 
Engineers, Vancouver, Canada 

This paper is concerned with the deck replace
ment of the 670 m (2200 ft) long approach via
duct to Lions' Gate Suspension Bridge in Vancou
ver, Canada, which was carried out during night 
closures without affecting peak daytime commuter 
traffic flows. The structure was built in 1938 
and comprised a series of steel plate girder 
spans supported on steel bents and with a 0.18 m 
(7 in.) reinforced concrete deck without wearing 
surface. Under the cumulative effects of road 
salt and traffic for 35 years, the deck was 
cracked through in places and the rebar was 
heavily corroded, resulting in surface spalling 
and potholes. The support steel had suffered 
some section loss from corrosion and also corro
sion buckling in thin cover plates over long 
rivet spacings. A solution was required which 
would reduce the load in the support steel, cut 
down the corrosion rate, permit wider lanes and 
a wearing surface, all under the constraint of 
maintaining the bridge open for daily commuter 
traffic. This paper discusses the unusual design 
concepts adopted to satisfy these requirements 
and explains how they were realized in practice 
by careful attention to detail in every aspect of 
the job. Methods used to alert the bridge users 
to closures and estimated opening times are dis
cussed together with emergency plans in the event 
of failure to complete a section on time. 

Original Structure 

Lions' Gate Bridge was built in 1937-8 to the de
sign of Monsarrat and Pratley of Montreal. The stru
cture is divided into two parts, the 670 m (2200 ft.) 
North Viaduct, and the suspension bridge itself. 
This project was concerned with renovation of the 
former structure. This comprised a 8.8m (29') wide by 
178 mm ( 7 in.} _thick concrete road slab plus two 1.2 m 
(4') wide sidewaLks supported by steel WF crossbeams 
resting on rivette<l plate girders. The girder flanges 
were built up from 8 mm (5/ 16") plate with rivet spac
ings considerably in excess of sealing pitch. The 
concrete deck had no wearing surface and run off 
drained directly onto the support steel below. The 
application of deicing salts, coupled with the use of 
studded tires by most of the bridge traffic, had , 
caused severe distress in the concrete deck. Wear 

in places was below the top steel and cores showed 
micro-cracks extending through full slab depth. The 
deck was essentially failed and breaking up at an 
increasing rate. The exposed support girders and 
bents beneath the deck also suffered corrosion 
losses from deicing salts. The accumulation of cor
rosion products under the flange cover plates caused 
buckling of up to 12 mm (1/2 in.) between the widely 
spaced rivets. 

Requirements for Renovation 

By 1972 the deterioration of the North Viaduct 
deck had reached the point where the B.C. Department 
of Highways felt it was essential to commence 
planning of renovations. The problems, in order of 
importance, appeared to be the break-up of the via
duct deck and the continuing corrosion of the sup
port steelwork, also the traffic lanes at 2.9 m 
(9' 8") were too narrow and should be widened if pos
sible. In July 1972 Buckland and Taylor Ltd. were com
missioned to study the problem. A detailed examin
ation of the bridge was carried out and it was con
cluded further that the bridge lighting and elec
trical system was in need of renewal and that the 
heavy traffic density made a high grade replaceable 
wearing surface essential. 

Neither the nature of the renovation work, nor 
the pattern of daily traffic were suited to pro
gressive lane by lane renovation. Therefore, short 
total bridge closures were planned for the major 
work. DaytiDE traffic flows could not tolerate more 
than a single lane closure and peak rush hour 
traffic must have use of all three lanes. This 
meant that the portion of the work requiring total 
closures of the bridge would have to be carried out 
between midnight and 6 a.m. with single lane clo
sures at other off peak times. 

Constraints on the Design 

The requirements to remove a section of bridge 
and replace it with a new one ready for traffic in 
six hours was the largest constraint on the scheme 
and the one which provided much of its difficulty 
and fascination. The structural constraints were a 
little more complex. Heavier modern traffic loads 
on a wider deck, acting at larger eccentricities 
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from the girders and riding on a wearing surface 
which didn't previously exist, all tended tn increase 
the forces on the existing support steel. Converse
ly, corrosion losses in the existing steel required 
that the total effective load be reduced for safety. 
These opposing structural constraints had to be con
stantly borne in mind as the design of structural 
renovations evolved. 

Evolution of the Design 

Consideration of the constraints led to two con
clusions. Firstly, the new deck must have a much 
lower dead weight than the original and secondly, a 
very high degree of prefabrication was necessary in 
order to permit installation within the limited time 
available. Several materials and many schemes were 
examined and compared. A 14.3 m (47') wide ortho
tropic steel deck with a 38 mm (l.S") wearing surface 
of epoxy asphalt was finally selected because it best 
met all the demands and constraints and when connect
ed by shear diaphragms to the existing weakened 
girders, provided increased strength by composite 
action under live load. 

Corrosion of Support Steelwork 

Many approaches were considered for inhibiting 
the corrosion attack on the viaduct support steel. 
These ranged from encasing the structure in concrete 
to the use of sophisticated non corrosive deicing 
compounds. A study was made of the extent of exist
ing corrosion and then three future section loss 
curves were projected, see Figure l. Curve l shows 
a continuation of the existing corrosion rate, Curve 
2 shows a reduced rate and Curve 3 an intermediate 
situation. 

Figure 1. Estimated cumulative section losses due to 
corrosion. 
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It was concluded that a moderate reduction in 
the existing corrosion rate woulJ leave adequate 
structural reserves for four or five more decades of 
bridge life at present live load levels. It was 
therefore decided to seal the deck and to take steps 
to duct the deicing solutions down to ground level 
away from the support steelwork and to carry out 
blast cleaning and repainting of this steelwork to 
bring it to a common level of protective coating. 
It was considered i mpractical to attempt to seal all 
existing corrosion cells in the bridge. 

Tra ffic Loading 

In order to arrive at a rational design load for 
the viaduct and suspension bridge, a traffic study 
was carried out using stop frame cine cameras to re
cord the size and spacing of vehicles. Statistical 
methods were used to derive load probability curves 
for the bridge. This work was later extended to the 
general situation of traffic loading on long span 
bridges, culminating in a paper on the subject pre
sented to this Conference. The traffic studies in
dicated that some control of loads was necessary and 
a permanent 12,684 kg (28,000 lb) G.V.W. load limit 
was instituted. 

Details of Design 

One key to success in this project was the care
ful design of the numerous new deck to existing gir
der connections. They were required to be of ade
quate strength and stiffness, but also simple to 
connect and tolerant of misalignments in any planar 
or rotational direction. In order to provide rea
listic tolerances for the connection of new steel to 
existing, the new cross beams are attached by field 
welding to oversize shims which in turn are connect
ed by countersunk bolts through existing rivet holes 
in the main girders. As mentioned earlier, extra 
reserve strength was attained by making the new deck 
~omposite for live load. The necessary shear con
nect i ons at the end of each span were ob ta i ned by 
inserting 3 or 4 panels of place diaphragms between 
t he cros s beams and aligned ove r the main girders. 
The steel orc hocropic deck used was the conven t ional 
arrangement of U troughs. Conc-resive ®epoxy as
phalt was selected after t esting due co its out,standing 
ab rasion re sis tance under studded tires . Other im
provements incorporated in the new deck scheme in
cluded traffic barriers protecting the widened side
walks, maintenance catwalks and gantries, telephone 
trunk cable trays, and a new electrical power dis
tribution system, lighting system, overhead traffic 
sign bridges and stand-by generator. Half sections 
of the original and new design are shown in Figure 
2 • 



Figure 2. Half sections of original and new structure. 
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ORIGINAL STRUCTURE 

Construction 

Due to the critical structural nature and time 
restraints on the work, all aspects of construction 
were under 24 hour supervision by the Consulting 
Engineer. Prior to erection,, the deck units were 
spliced on a carefully prepared paving site and 
paved. Then they were taken apart and transported 
to the bridge. Preliminary work on the bridge in
volved successively removing all the f loorbeam con
nection rivets and replacing them with HS bolts for 
speedy dismantling. The thin girder cover plates 
were subject to local buckling failure after removal 
of the rivets and precautionary stabilization by 
welding was required by specification. Removal of 
the original deck and installation of the new was 
handled by a Manitowoc Ringer crane. 

Emergency Precaut i ons and Public Information 

One major concern during renovation was the 
possibility of equipment breakdown occurring while 
a gap existed in the roadway. Therefore, the Con
tractor was required to hold light emergency deck 
components on trucks at each end of the bridge. By 
careful planning and co-ordination, the 58 new deck 
sections were installed with delay to the public by 
late opening on only 4 occasions. 

The need for public information and confidence 
was recognized early by both ourselves and the 
client and a most successful three pronged informa
tion system was set up. This consisted firstly of 
media advertisements giving a full explanation of 
what was going to be done and defining the extent of 
traffic closures. This was followed up by mailings 
to local businesses containing calendars of bridge 
closures. Finally, morning bulletins were supplied 
to local radio stations at 15 minute intervals until 
the bridge was open to traffic. 

l 
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NEW STRUCTURE 

Suspended S·pans 

The next task to be tackled is the renovation 
of the suspension bridge part of the crossing. 
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After investigation, it was discovered that the main 
cables had stretched, causing the centre of the 
bridge to drop 1 m (3.3 ft) and the towers to move 
out of plumb. Aerodynamically, the bridge was 
found to be stable only if reliance was placed on 
the natural turbulence of the wind. Accordingly, 
full model tests were conducted 'in turbulent wind 
in the N.R.C. 9 m (30 ft) wind tunnel in Ottawa. 

Tenders will be called shortly for the replace
ment of the entire suspended structure - stiffening 
trusses and deck - to be replaced with a wider, 
lighter orthotropic deck with welded rectangular 
tubular stiffening trusses. It is believed that 
this is the first time that the entire suspended 
structure of a bridge has been replaced. Recon
struction will take place one section at a time 
during weekend closures and the bridge will remain 
open 24 hours per day Monday to Friday. 
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ORTHOTROPIC BRIDGE SAVES OLD COVERED BRIDGE 

Robert F. Victor, P.E., Connecticut Department of Transportation 

When inspection of the Old Covered Bridge at West 
Cornwall, Connecticut revealed extensive deteri
oration of 1ts floor system and trusses, a new 
bridge was proposed to be built just upstream. 
The old bridge, dating from 1841, would have been 
left open to pedestrians only. This proposal 
angered local residents who wanted the old bridge 
restored. Because of tight vertical clearance 
restrictions, structure depth was severely 
limited. Prel1minary computer analyses showed 
that a slender orthotropic steel deck bridge 
could be independently built within the old 
bridge and designed for AASHTO HS20 and alter
native loadings. The construction consisted of 
building a parallel temporary bridge , raising 
the old structure 61 cm (2-ft .) higher to clear 
future floodwaters, painting, reshingling and 
whitewashing the interi or and, erecting the steel 
deck bridge within. A timber floor was bolted 
to the steel deck plate. The total project cost 
$360,000 which is a savings of more than 
$1,500,000 over the cost of the proposed upstream 
bridge. More importantly, a historic nineteenth 
century structure was preserved as a heritage for 
the twenty-first century. 

When inspection revealed deterioration of the 
floor system and trusses of the Old Covered Bridge at 
West Cornwall, Connecticut (Figs . l & 2), a new mod
ern two-lane bridge was proposed to be built just 
upstream, bypassing the village of West Cornwall. 
The old bridge, dating from 1841, would have been 
left open to pedestrians only. This proposal an
gered local residents, who insisted that some way be 
found to strengthen the old structure without chang
ing its appe~rance in any way! 

Since any new floor had to remain at the exist
ing grade to hold the existing vertical clearance of 
3.35 m (11'-0") and since reconstruction would have 
to include a strong bottom lateral bracing system, 
only 76 cm (30 inches) was available for structure 
depth and vertical deflections. An orthotropic steel 
deck bridge, which is only possible through the use 
of extensive arc welding, can be made the most slen
der of all bridges. Preliminary computer analyses 
showed that a lfghtwefght, economical, orthotropic 
bridge could be built within the covered bridge (Fig. 
3). 

To thoroughly analyze this highly redundant 
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structure, a curved girder matrix grid analysis com
puter program (!) was modified to more easily handle 
the many members and loading conditions. The AASHTO 
(2) HS20 and alternative loadings were used to load 
tiie structure and design the various members. 

Description 

The deck plate of the bridge is 9.5 nm (3/8-1n.) 
thick (based on L/300 deflection criteria between 
rib walls for an HS20 wheel) (3) and 4.27 m (14 ft.) 
wide (Fig. 4). F1ve trapezo1di'i ribs are 61 cm (2 
feet) o.c. Bra ke press formed, the ribs are 23 cm 
(9-in.) deep, 8 mm (5/16-1n.) thick, 31 cm (12-1n.) 
and 17 cm (6ls-in.) wide at the top and bottom res
pectively. The ribs are hermetically sealed between 
field splices and the end floorbeams. Since tests 
have shown that fil let welds would develop fatigue 
cracking (4) , due to the transverse bending of the 
deck plate-;- the ribs were joined to the deck plate 
by 80 percent partial penetration groove welds. 

The two main girders are 3.35 m (11 ft.) apart 
and each consists of 32 mn x 457 nm (U•" x 18") bot
tom flange plate and 9.5 mn x 559 mn (3/8" x 22") 
web, fillet welded to the deck plate. Two edge 
plates 9.5 mn x 152 mn (3/8" x 6") are welded t o 
each edge of the deck by partial penetrati on groove 
welds. 

The steel bridge is two-span continuous 
(28.35 m - 22.86 m spans) (93' - 75') with each end 
cantilevered out from the bearings to form a total 
deck length of 52.61 m (172.55 ft.). In the longer 
span, floorbeams are 4.73 m (15.5 ft.) o.c.; in the 
shorter span 4.57 m (15 ft.) o.c. 

A 13 mm x 152 nm (~" x 6") bottom flange and a 
9.5 mn x 559 mn (3/8" x 22") web (castellated to fit 
tightly around the ribs) form the floorbeams which 
are fillet welded to the deck plate and ribs. The 
floorbeam web 1s fillet welded directly to the gir
der webs and the bottom flange is butt welded to the 
girder bottom flange. Trapezoidal plates 9.5 mn x 
559 mn deep (3/8" x 22") stiffen the deck plate out
side the floorbeams. 

At each end of the bridge, the ribs are seal 
welded to the last floorbeam. Trapezoidal plates 
9.5 mn x 559 mn (3/8" x 22") support the end of the 
deck plate. An edge plate 1s welded to the end of 
the deck plate. All steel conforms to ASTM A588 
(Weathering Steel). 



Des1gn Data 

Since the bridge is so lightweight (2.1 kPa-(44 
psf) steel dead load, 2.5 kPa-(52 psf) total dead 
load) the live load stresses and deflections are 
large. The maximum computed live load deflection is 
95 mm (3.75-in.) or L/300. This deflection was 
viewed as satisfactory since speeds are low and the 
largest vehicles using the bridge regularly would be 
school buses, fire trucks and other two-axle trucks. 

In the actual bridge, the deflections, with the 
passage of a heavy vehicle are noticeable but not 
disturbing, since deck accelerations are small and 
vibration frequencies high (5). This is due to high 
stiffness-to-weight ratio ana the mounting of the 
bridge on elastomeric bearings. 

With the overall section detennined by deflection 
criteria (as in most orthotropic br1dges) (6), the 
meeting of fatigue criter1a was easily accomplished. 
Most of the AASHTO fatigue categories (2 ) are present 
in this struct ure. Stress ratios and ranges vary 
considerably, depending upon the member and its lo
cation in the structure. At the section of maximum 
positive moment in the 28.35 m (93 ft.) span, the 
stress range in the bottom flange is 138 MPa (20 ksi) 
(from 159 MPa (23 ksi) max. to 21 MPa (3 ksi) min.) 
Dead load stress is 41 MPa (6 ksi). Thus live load 
stress plus impact is nearly three times greater 
than dead load stress. The deck plate, with its 
threaded welded studs for the timber decking, has a 
fatigue allowable stress of 114 MPa (16.5 ks1). Its 
maximum design stress is 105 MPa (15.3 ksi). 

Construction 

The construction started with the building of a 
61 m (200-ft.) one-way temporary bridge adjacent to 
the covered bridge (Fig. 5). It was constructed from 
salvaged steel beams supplied by the Department and 
timber decking supplied by the contractor. This ar
rangement yielded a bid price of about $107 per sq. 
meter ($10/s.f.) which is very economical considering 
that the price included hauling, erecting and dis
mantling the three span(@ 20.4 m - {67 ft.) each) 
structure. It also included two river piers and two 
abutments. 

With traffic thus diverted, the floor system of 
the covered bridge, consisting of steel floorbeams 
and a two-layer wood decking, was removed. The 
covered bridge was then jacked to an elevation 61 cm 
(two feet) higher in order to clear possible debris 
from design floods. New stone rubble masonry was 
added to the abutments and concrete to the pier 
(matching the existing appearance as much as possi
ble). At the same time, new abutments consisting of 
a crossbeam, column and footing were built and buried 
inside the old abutments. The old abutments are thus 
relieved of much dead weight and all live load. 

Fabrication 

While construction proceeded apace in the field, 
the fabrication of the three fu l l width orthotropic 
bridge sections was well underway (Figs. 6 & 7) in 
the shop. The specifications required that the fab
ricator, as part of the shop plan submission, submit 
a list showing the shop fabrication sequence. The 
designer was then able to review the proposed weld
ing procedures in conjunction with overall fabrica
tion methods with the view of minimizing distortion 
and shrinkage stresses. 

The fabrication procedure evolved was as follows: 
(1) the top surface of the deck plates was sand-
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blasted near-white and a weldable inorganic zinc-
fi lled primer was sprayed on to provide a dry film 
thickness of 25 microns (one mil). This was done 
for environmental considerations at the bridge site. 
A clean surface was needed for stud welding and the 
high-build primer. Field sandblasting would have 
raised clouds of dust and a large quantity of debris 
which could be lethal to the trout in the stream. 
(2) Placed upside down (the entire bridge was fab
ricated upside down), half the square-edged longi
tudinal butt weld was made between the 1.83 and 2.44 
nm (six and eight foot) wide deck plates. (3) All 
plates were then assembled and tacked (the floorbeam 
and girder web-to-flange fillet welds having pre
viously been made). (4) The ribs were then welded 
to the deck plate. The fabricator had previously 
requested and received approval for a change in the 
partial penetration weld in which the ribs now would 
be supported on 2.4 mm (3/32") weld wire at 1.5 m 
(5 ft. }+ intervals and rib edges left square-edged 
(giving-a 17° root angle). Macroetch tests required 
by the qualification procedure showed that 100 per
cent penetration was achieved. (5) Upon completion 
of the underside welding, the bridge sections were 
turned over, the deck plate and ribs cut to length, 
and the longitudinal butt weld completed. Turned 
over again, the girder web and flange were cut to 
length. The bridge was then completely assembled 
and the holes for the bolted field splices drilled 
in the ribs and girders to assure proper assembly in 
the field. 

Steel Erection 

The three sections (measur.ing 18.6, 18.6, and 
15.4-m; 61, 61, and 50.5-ft.) were trucked to the 
bridge site where they were assembled on the east 
bank of the river. The contractor had previously 
erected skid beams spanning from the abutments to 
the pier, over which the steel bridge would be pulled 
to the west abutment. Heavy duty machinery skates 
were attached to the bottom flange at the west end 
of the west section and another pair were set up
side down at the east abutment. After· each splice 
was completed, the steel bridge was pulled by a 
bulldozer winch on and over the skates (Fig . 8). 
Another set of skates were positioned at the pier 
while making the second splice in order to keep 
stresses within allowables during erection. 

The two transverse field splices consisted of 
high-strength bolted ribs and girders (Fig. 9) and a 
welded deck splice and edge plates (Fig. 10). The 
welded deck gave a smooth surface for the deck 
planking. The sections were first aligned and the 
bolts placed without tightening. After fillet weld
ing the backup strips to one side, the transverse 
groove weld was made. With this procedure, weld 
stresses were minimized. The transverse welds were 
inspected by the ultrasonic method (as were all butt 
welds in this bridge). This bridge required 1229 m 
(4030 feet) of welded joints, only 9.1 m (30 ft.) of 
which were required in the field. 

A strong lateral bracing system composed of 
W6x20's was attached to the bottom chord of the old 
wooden trusses to complete the steel erection (Fig. 
11). This bracing, made of weathering steel, re
quired that nearly all of the fillet welds be made 
in the overhead position. 

Other Operations 

Each of the 625 cadmium plated threaded studs 
which hold the diagonal timber plank decking 1n 
place, had to be welded in exactly the right loca-
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tion in order that the pre-drilled holes 1n the 
planks fit over them. The planks had been pre-cut 
and drilled in order that they be properly preserva
tive treated. 

The contractor first positioned all the planks on 
the deck plate. Then the location of each hole was 
1111rked on the steel plate w1th a felt-tipped marker. 
The planks were consecutively numbered and removed 
from the bridge. The studs then were welded at the 
marked locati ons. After the deck was painted, the 
planks were brought back and bolted in position. 

After stud welding, a self-curing inorganic zfnc
filled coating was applied to a dry film thickness of 
76 microns (three mils) (threads of studs were taped). 
Two coats of a high-build low-temperature curing 
epoxy-polyamide topcoated the zinc-filled coating. 
Total thickness of all coatings fs 305 microns (12 
mils). Although the deck is A588 weathering steel, 
it was felt that pitting corrosion on the bare steel 
could take place, under the planking, with road salt 
solution brought 1n by vehicles. 

To put finishing touches on the bridge, timber 
curbing was installed and the interior whitewashed 
(Fig. 12). Outside, the roof was reshingled with 
whfte cedar shingles and the siding painted barn red 
(Ffg. 13). Temporary approaches were constructed and 
the bridge reopened with appropriate, colorful cere
monies. Later the temporary bridge was removed, new 
approaches buflt and the area restored to its former 
condition. 

Total construction cost for the project was 
$360,000 which fs a savin~s of more then $1 ,500,000 
over the cost of a new br dge, originally proposed to 
be built upstream. Total cost of all steel was 
$101,750 ($1.91 per kg., $0.87 per lb.). More im
portantly, ft fs now possible to enjoy an old cov
ered bridge well into the twenty-first century. 
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Figure 1. Bridge Before Restoration 
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Figure 5. T1111Por1ry Bridge Figure 6. Orthotropic Bridge Fabrication 

Figure 7. Completed End Section Figure 8. Bridge Site (Bulldozer Foreground) 
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Figure 9. Bolted Girder Splice Figure 10. Deck Plate Weld 
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Figure 11. Completed Orthotropic Bridge and Lateral Bracing 

Figure 12. Restored Interior Figure 13. Bridge After Restoration 



FATIGUE CONSIDERATIONS FOR THE DESIGN OF RAILROAD BRIDGES 

Manfred A, Hirt, Swiss Federal Institute of Technology, 
Lausanne, Switzerland 

This paper describes a concept for the f atigue 
evaluat ion and design of railroad bridges. The 
pri mary ob jective is to account for the number 
of stress cycles par train, the corresponding 
stress ranges, and the total number of trains 
in the lifetime of the structure. Stress recor
dings from various structural elements of exis
ting bridges were used as input for fatigue 
tests on beams. The test results er• evaluated 
using the reinflow counting method and Miner's 
cumulative damage law, Thaae r esults show good 
correspondence with const an t amplitude test 
data, The assessment of traff ic is based on 
theoretical traffic models and on measurements 
of axle loads and axle spacings, The fatigue 
effect of the traffic models is simulated by 
computer programs in terms of span length and 
compared to field measurements . It is shown that 
a correction f actor may be applied to the design 
live load when used for fatigue considerations. 
In addition , the fat igue design concept enables 
t o account fo r the t otal number of trains in the 
lifetime of the bridge, Also, a different safety 
factor may be applied for redundant and non
rP.dundant load path otructures. 

Int roduc t ign 

The collapse of a given structure due to fatigue 
depends on the fatigue behaviour of its different 
structural elemente, The governing stresses causing 
fatigue damage in theee elements are due to actual 
traffic conditione. For railroad bridges, the actual 
traffic may be deecribed by axle loads and axle 
spacings for every train, end by the total number of 
train crossings during the lifetime of the bridge 
(Figure!}, 

Howe.ver, one hee t o beer in mind thet i t i s im
possible for e design engineer t o consider actual 
traffic conditions excep t for the average number of 
t ra in s per dey . It i s theref ore import ant t o adj us t 
the design l iv e load in s uch e wey that the correc
t ed live load mey account for the actual traff ic, 

It is obvious t hat a bri tt le ma t erial may consi
der abl y s hor t en t he l ifetime of a structure. Hence , 
f at i gue and bri tt le fract ur e are not i ndependent 
(.1, £). It i s therefore import an t that e sudden 
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f ailure wit hout preceding large deformations s hould 
be eKcluded either by using a suff icient ly ductile 
mat eriel (i .J , or by adopting e highly redundant 
s t r uctural syst em, For the following discussion it 
i s assumed t hat britt le f racture is not t he gover
ning mode of collepee. 

Figure 1. Passenger train end e typical short epen 
steel bridge, 

Cons t an t Amplitude Fatigue Strength 

An ext remely large amount of experiment al t est dat e 
on s teel beams hes been obt ain ed s ince 1967 f rom e 
study sponsored by the Nat ional Cooperative Highway 
Res ear ch Pro gram end carried out et t he fr it z 
Eng ineering Laborat ory of Lehigh Univ ersit y. These 
studi es have s hown t ha t the most import ant f actors 
which gover ri the f a t i gue s t rengt h are t he strees 
range and the type · of details, regardless of the 
type of steel (,!, .2,) . tomprehensive specifications 
based on the s tress range concept have been deve
loped in the USA and ere actually proposed in diffe
rent countries in Europe. 

Figure 2 shows the design categories proposed 
for the Swiss specifications for steel structures 
(.§) . An additional category A1 hes b'een added for 
bolted connections, end the 95 ~ survival limits 
have been adjusted to a slope of m = 3 in the doubl&-



Figure 2. Allowable fatigue straaa ranges according 
to Swisa specific•tiona for steel construction. 
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logarithmic representation. 

(1} 

It will be shown that the parallel lines enable to 
consider the cumulative damage due to traffic 
stresses independently of design categories, This 
may not be true when the fatigue limit becomes im
portant since the cut-off points are not always lo
cated at the same number of cycles. 

The proposed fatigue strength categories had to 
be confirmed for typical design details and fabrica
tion procedures used in Switzerland end Europe. The 
test results CI, Jl.} show good correspondence with 
previous results and the proposed categories appear 
to give a conservative estimate for all details 
tested. 

Variable Amplitude Fat igue Strength 

Figure 3 shows actual live load stresses in thrm 
different structural elements of the riveted bridges 
shown in Figure 1, Each bridge is built up of two 
riveted plate girders of 19.5 m ( 64 ft} span length 
and of floorbeems every 2,44 m (B ft}. The stringer~ 
located under the rails end connected to the webs of 
the floorbeems support the wooden tiae. 

Figure 3, Typical live load stresses in three different structural elements end for two typee of trains. 
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The recordings show quite regular stress fluctue
tions under the passage of the passenger train, they 
are much more random under the freight train, The lo
comotives of both train types cause predominant 
stress peaks. 

The question arises ea to how to treat (statisti
cally and theoretically) such recordings in order to 
assess the cumulative fatigue damage of the stress 
fluctuationa. 

Figure 4, Comperaison of three different categorise 
of streas-tima diagrams. 

STRESS a 

a 

a 

a . min 

al Constant amplitude 

TIME t 

b) Random amplitude 

TIME t 

c) Strssa-tims history 

TIME t 

Figure 5, Schematic representation of the rainflow 
counting method. 
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Equivalent Stress Range 

General stress-time histories (Figure 4 c) heva 
to be correlated to constant amplitude data (Figura 
4 a). This may be done in two steps : 

1 . The first step consists in defining and 
counting the individual stress ranges DIJ 1 of a given 
stress-time history. This procedure assumes a priori 
the validity of the stress range concept, Hance, of 
the many counting methods available (_2.) only those 
can be used that adequatly define stress ranges, 
The European railroad convention (UIC : Union Inter
nationale de Chemins de fer) has proposed to apply 
the reinflow counting method C!Q) of which a graphi
cal representation is shown in Figure 5, It can be 
shown that the results of the rainflow count corres
pond well to those given by the range pair count, 
However, the rainflow method presents the advantage 
that the cut-off level for small stress cycles does 
not have to be fixed in advance. 

2. The second step relates the fatigue effect 
of the above defined atress ranges IYJ 1 to an equiva
lent constant amplitude strus range 000 C!.1.l, Baaed 
on the cumulative damage law of Palmgren-Miner and 
the fatigue strength lines according to equation 1, 
the equivalent stress range f:::/J0 becomes 

t:P. (2) 

where • is the slope of the lines without considera
tion of the fatigue limits. 

This second step had been shown to be a conser
vative approach to account for the cumulative damage 
of random stress cycles (.!.~). However, it is impor
tant to note that the assumptions for the first end 
second steps are not necessarily independent. Only 
test results can confirm.the validity of tha 
hypotheses. 

Stress History Fatigue Tests 

Stress recordings from passages of different 
types of trains were used for fatigue tests at the 
Swiss Federal Institute of Technoloqy, The test set
up of Figure 6 shows two 500 kN (110 tons) hydraulic 
jacks, two load cells, and a test beam as well as the 
electronic control panels. This closed loop system 
with a capacity of 250 litres of oil per minute 
(65 gpm) was designed and fabricated by F + W Emman, 
Switzerland. 

Figure 6, Fatigue test simulator. 
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One set of test results of cover-plated beams is 
shown in Figure 7. The number of stress cycles 
corresponds to the total number of cycles counted, 
and the equivalent stress range is calculated using 
equation 2 with m = 3. Also included are five results 
from constant amplitude tests. It can be seen that 
the tests using stress-time histories give results 
comparable to constant amplitude data. 

Figure 7. Fatigue test results of cover-plated beams 
subjected to real stress-time histories. 

However, it should be noted that a slightly 
better correlation between test results might be 
obtained using an exponent m greater than 3. Addi
tional tests on beams with gusset plates welded to 
the tension flange (13) yield similar results. More 
tests are under way to further investigate the corre
lation between actual stress histories and constant 
amplitude test data. 

Considering the many influencing parameters of 
actual traffic, it shall be assumed that equation 2 
is sufficiently accurate. The next question is there
fore, how to obtain the number of stress cycles and 
the corresponding equivalent stress ranges for every 
structural element. 

Effect of Traffic Loads 

Traffic Models 

One of the traffic models used for computer simu
lation is shown in Figure B. It is representative of 
the rolling stock and assumes a certain number of 
passenger trains, differently loaded freight trains, 
and some block trains. Up to a total number of 150 
trains per day in each direction have already been 
recorded on a double track line in Switzerland, 

The above defined traffic is used to compute the 
number of stress cycles and the equivalent stress 
ranges, This can be done for different shapes of 
influence lines, such as for a simple span bridge, 
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Figure 8. Traffic model (Swiss Federal Railroads) used for a computer analysis of tha effect of actual 
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continuous bridge or a stringer on spring supports. 
Howeve~, ~' order to avoid computing otreeees, th• 
effect of the traffic is directly compared to the ef
fect of the UIC design live load, shown in Figure 9. 

The equivalent stress range f::/J8 end the maximum 
stress range t:IJoaz of the traffic model are compared 
in Figure 10 to the stress range due to the UIC live 
load. The corresponding number of stress cycles in 
terms of span length are shown in Figure 11, The 
following observations can be made from these two 
figures : 

1. The maximum stress range remains generally 
below 70 % of the UIC design stress range. This value 
shall be used later on when the effect of the fatigue 
limits are discussed, 

2. The equivalent stress range f::/J8 amounts to 
approximately 40 % of the UIC design stress range, 
depending only slightly on span length. 

3, The corresponding number of stress cycles, 
given as an average number of cycles per train grea
tly depends on span length, For very short spans, 
almost every axle causes a major stress cycle, then 
for spans up to 20 m (65 ft) approximately one 
cycle per car occurs, and for longer spans only 
one cycle per train is observed, It should be noted 
that all stress ranges smaller than 10 % of the UIC 
design stress range have been neglected. 

The two parameters, equivalent stress range f::/J8 

and average number of cycles per train Navr can now 
be used to assess the fatigue life of a given struc
ture. Also, their fatigue damage can be compared to 
the theoretical damage due to the UIC design stress 
range, 

Correction Factor 

The fatigue life, expressed in number of trains Nt 
for a given structural element is 

( 3 ) 

when t:IJ in equation 1 is replaced by the equivalent 
stress range t:IJ0 for the traffic model, and the cor
responding number of stress cycles per train Nav is 
accounted for. Conversely, the design stress range 
t:IJuzc can be adjusted by a correction factor~ in 
such a way that the same number of theoretical load 
applications results : 

N ( 4) 

The comparison of the right hand sides of equa
tions 3 and 4 yield the correction factor 

( 5) 

Both terme of equation 5 ( t:IJal t:IJ. 10 and Nav) have 
already been given in Figures 10 and 11. Hence, the 
correction factor can be computed, This can be done 
regardless of design categories provided the slope m 
of the fatigue strength lines (Figure 2) is the same. 

The heavy line in Figure 12 shows the resulting 
correction factor for the traffic model used. A 
strong influence of span length is apparent ; the 
values increase rapidly with decreasing span length 
{_1,!), This obviously reflects the greeter number of 
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rigure 10. Comparison of the maximum and equivalent 
stress ranges due to the traffic model with the 
stress range due to the UIC design load, 
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per train depending on span length. 
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stress cycles per trein for shorter spans. Similer 
curves heve been obtained for different European 
countries representing various traffic models. 

Comperison with Actuel Traffic 

Equetion 5 gives a correction factor based on a 
traffic model end on theoretical influence lines, It 
is of interest to compare these values with values 
derived from stress recordings ; a few results (j.i, 
15) are shown in Figure 12. It can be seen that the 
;;esured values for the main girder correspond well 
to the theoretical value, but the values for the 
floorbeam end stringer are substantially below the 
calculated values. This might be explained as 
follows : 

Figura 12. Correction factor applied to the UIC 
design load in order to account for the cumulative 
fatigue damage of actual service traffic. 
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1. The actual axle loads measured were general
ly smaller than those used for the traffic model, in 
particular a smeller percentage of heavy freight 
trains and trains with two locomotives ware observed. 

2. The design stre!l!I range Wu re includes an 
impact factor to account for dynamic effects. This 
impact factor is quite important for short spans, 
typically about 50 % for aspen of 5 metres (15 ft). 
However, stress recordinge showed much smeller 
impact values, 

3. The statical behaviour of bridges is gene
rally more f evoreble then assumed in structural ana
lysis due to load distribution effects end greater 
redundecy of the structural elements. 

4, The design of short elements, like floor
beems end stringers, is often based on stiffness 
because of deflection limitations. Hence, actual 
traffic stresses are quite small. 

The comparison between measured and theoretical 
reduction factors (which is not affected by the ac
tual number of train!) indicates a certain margin of 
safety. However, the few experimental results 
available to data do not enable to attribute numeri-
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cal values to this margin of safety. Studies are un
der way in different European countries to obtain 
more date. 

Fatigue Design Concept 

Based on the preceding results and conclusions, 
the following fatigue design rule is proposed : 

Category) ( 6) 

1. The left hend side (load side) considers the 
design stress range Wuio based on the static design 
live load, including impact, but adjusted by a cor
rection factor ~ (Figure 12) such as to account for 
the cumulative fatigue damage of actual traffic. 

2. The right hand side (strength side) defines 
the allowable fatigue strength Wa11 in terms of the 
total number of trains Nt in the lifetime of the 
structure, end according to the design category of 
a given detail (Figure 2). 

3, The safety factor can be adjusted to diffe
rentiate between redundant and non-redundent loed 
path structures. 

The design engineer simply uses the regular 
design live load to compute the design stress range 
at a given point in the structure. This value is 
then corrected to account for the cumulative fatigu• 
damage of actual traffic, where the correction fac
tor is defined in terms of spen length for a simple 
span element, or in terms of the influence length 
for redundant elements, The fatigue strength for the 
given structural detail is obtained in terms of the 
predicted number of trains in the lifetime of the 
structure. 

The same concept may be applied to evaluate the 
remaining fatigue life of existing bridges. A diffe
rent correction factor mey be used respectively for 
past, present and future traffic. 

Influence of the Fatigue Limit 

It is obvious that for a great daily traffic, for 
example 150 trains, and design lifetime of the 
structure, for example 100 years, the total number 
of trains becomes very large ; for the values cited 
about 5.5 million. For most design categories, this 
number is greeter then the number of cycles Nt of 
the fatigue limit. Hence, equation 6 could be re
placed by 

11. Wu ro S: f Wr (Category) (7) 

This is still too conservative, in perticuler for 
small spans, since the reduction factor is obtained 
without consideration of the fatigue limit. In fact, 
one must only assure that every stress range w1 , 

in particular the largest stress range W•ax• re
mains below the fatigue limit crr ; or enalyticelly 

( 8) 

Comparing the left hend sidea of equations 7 and 9, 
e limit for K can be defined, 
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x.. .. ( 9) 

which amounts to approximaiely 0,7 according to the 
valuaa ehown in Figure 10, 

Small Number of Treine 

The general equation 6 is valid, but the limiting 
value Kaaz hee to be adjusted 

( 10) 

Nr is egain the number of cycles et the cut-off 
point for the fatigue limit, end Nt s Nr corresponds 
to the total number of treins in the lifetime of the 
structure, It ia seen thet the numerical values of 
Kaox depend on the design category since the fatigue 
limits do not intersect the fatigue strength lines at 
the seme number of cycles Nr (Figure 2), 

Concl us i on 

The primery objective of this paper is to account for 
the fatigue effects of actual traffic on railroed 
bridges. Based on the stress range concept for the 
fatigue strength, the fatigue damage of stress-time 
histories ere related to constant amplitude test da
ta using the rainflow counting method and Miner's 
cumulative damage law, The design stress range is 
then related to the effects of actual traffic or 
traffic models by a correction factor. As a result, 
it is shown that design engineers may use the usual 
design live load and adjust tha resulting stress ran
ge by this correction factor. The only additional in
formation needed for design is the number of trains 
in the lifetime of the structure. l his number, based 
on actual or predicted traffic volumes, has to be 
fixed by the railroad administration, 
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FATmUE PROBLEMS IN HIGHWAY BRIOOJS 

G P Tilly, TraJ18pOrt and Road R•Harch I..borator;r 

Abatract 

During the i--t few ;r.ara there hu been an 
inareasing incidence of fatigue cracking in 
the 119lded joint• of modern eteel bridgea. 
Many examples have occurred in welda on main 
girdara of short or medium span high~ 
bridge• having concrete decke, and in wlded 
joint• in orthotropic eteel decke of temporary 
bridges and long epan bridges. Design of 
Br-itish bridges is checked

8
for lives of 120 

years involving up to 7.10 cycles of stress. 
Calculations to assess fatigue require a 
realistic loading spectrum, reliable methods 
to obtain local stresses, and relevant S/N 
relationships between streseee and numbers of 
cycles to failure. Thie paper briefly 
describes some of the recent research to improve 
the background to these three steps for design 
of bridges, particularly those having ortho
tropic steel decke. The research includes 
investigation of the influence of surfacing, 
type of stress cycle, residual stress, plate 
thickness, cyclic frequency, rest-periods, 
weathering and corusideration of programmed 
loading. 

Highway bridges in Britain are checked for a 8 fatigue life of 120 years during which time up to 7.10 
potentially damaging major stress cycles may be 
produced by the passage of coiimercial vehicles. 
Until recent years, fatigue waa not considered to be 
an important feature of design because there were 
comparatively few c ... • of reported damage. The 
picture hu changed with the build up of information 
about the performance of welded joints. Such joint• 
involve strese concentrationa due to their geometry 
and contain incipient flawa so that the crack initi
ation phase of fatigue ia almost entirely eliminated. 
This caues a drastic reduction in fatigue life as 
compared with plain unvelded components. 

For high~ bridge•, fatigue problems tend to fall 
into three cl.aae••I thoae concerned with attachment• 
-lded to steel girder• of atructures having inter
mediate length epa218, those concerned with the welded 
joints in orthotropic steel deoke, and components 
subjected to resonant vibration. The problem can, 
of course, be exacerbated by poor design detailing and 
workmanehip. For -.in girders, the stress ranges are 

due to grou vehicle wight rather than axle wight. 
There have been a number of reported cues of 
fatigue cracke of thia tn>e in North American 
bridges (1 to 4) and it hu been ehown that the 
lives can'""'lii"C"'"orrelated with calculated figures 
derived from traffic data and meaaured laboratory 
performance. Much of thia aucceaa is due to the 
work of Fisher andhia colleaguH at Lehigh Univera
i ty. There have a.lao been several cuea in Europe 
of fatigue cracking in composite bridges having 
steel girders and concrete decka. There have been 
instances of fatigue cracking in the wlded joints 
.of orthotropic steel deoka. Thia form of construc
tion involvee weld detail• that have relatively 
poor fatigue resistance and are subject to high 
stresses d1» to the local effects of wheel loads at 
trough-stiffener to crosa-beam welds and at trough
etiffener to deck-plate w.lda. The latter atreeaes 
are influenced by the presence of the asphalt wear
ing surface (5). The earliest recorded cracke 
occurred in one of two experimental deck panel• 
installed in a buay road at Denham, England (2). 
One panel was surfaced with 38Dlll thick mutic 
asphalt, the other with 9mm thick resin baaed 
material. After 4 years, cracks developed in 
three of the trough-stiffener to croee-beam welds 
on the panel having the thinner surfacing. After 9 
yeare, additional cracks had developed but there 
were none in the panel having thicker surfacing. 
Cracks have developed in orthotropic decke of 
temporary bridges. Such bridges, although deeigned 
for full traffic loading usually have relatively 
thin surfacing so that high stress•• are developed 
close to the deck plate. In a Swedish temporary 
bridge, several cracks were found in the trough
etiffener to cross-beam joints. In a German tem
porary bridge, cracks and fail urea were found in a 
number of the trough-stiffener to deck plate joints. 

There have aleo been eeYeral instances of cracka 
in steel orthotropic decke of permanent bridges 
having normal thickneee of eurfacinga. In all c ... a 
the faults have been repaired to a good standard. 
An interesting situation aroae in the Severn Bridge, 
England, where temporary bulkheada were welded to 
the ende of the box eection11 ao that they could be 
floated down river to the conatruotion site. The 
bulk heads were w.lded to the underside of the 
trapezoidal trough-stiffener giving a connection 
with a low fatigue resistance. In addition, the 
bulkhead formed a "hard spot" under trafficking eo 
that relatively high cyclic etreaaes developed 
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cracka in the welded jointe between the bulkhead plate 
and the lower tlange• ot the etittenere. Ettective 
repair• were made bJ cutting a~ the bulkhead plate 
beneath the stiffener and bolting cover plates on each 
aide ot the bottom ~ ot the trough-atiffener. 
Z..ter, cracka developed in intermittent fillet velda 
in a aplice joint between "etub" platH and "main" 
plates, in about thirty diaphragm (?). In thia cue 
it ..,.. not necea11&17 to remove any material and the 
overlapping plahe were bolted togwther. About 24 
cracka were found in the trough-atiffener to deck 
plate jointa in 19?? (~). None exceeded 1m and the 
average length waa 50Qmm. The cracked lllllterial vaa 
removed and the jointe rewelded to give eound and 
effective repairs. 

In order to improve the trough-stiffener to croee
beam detail in orthotropic decka, many deeigne have 
taken the trougha through a cut-out in the croee beam. 
Thie echeme irnprovee the detail at the croee-beam but 
tranaters the problem to the trough connection.e. 
Special attention W1UI given to design of joints in 
trapezoidal stiffeners in the bridge at Evijk acroes 
the River Waal. in Holland. Laboratory fatigue tests 
were made on three types of joint and it wu found 
that the beet performance vaa given b:r having a 3QOIB 
long intermediate stiffener of the same thickness and 
butt welded on to backing stripa (9). A different 
detail vae designed for the Rio Niteroi bridg9, the 
jointe having aplice platee which were welded to the 
aides and bottom of the trapezoidal stiffeners. Soon 
after conatruction, me&l5'1l"ementa were made under 
normal traffic which ahoved that c:rclic atreeeee 
occurred ~oae ranges exceed the fatigue cut-off. It 
vaa calculated that visible fatigue cracking could 
develop after 30 to 40 :rears service (10). 

Fatigue can also occur through reeO-ria.nt etreeaee 
aa oppoaed to direct traffic induced etreeaee. In a 
bridge in England, traffic induced vibrations produced 
almost continual reaonance of lightweight croaa
bracing which eventuall:r cauaed fatigue fracturea to 
occur at welded nodal connection.e. Fortunately thea• 
wwe readil:r acceaeible ao that the wlda could be 
repaired cheaply and effectivel;r. The bracing vaa 
bolted to a croee-beam to eliminate the vertical 
vibration.e. There have been several in.etancee of 
failures due to vin4 induced vibration of bridge 
components. Examples have been reported of damage to 
hangers of Japanese bridges (11)1 there were cracka 
in the Shitoku-Oehaehi brid89-vhich vibrated at 3.45Hz 
and in the Maroroehi bridg9 which vibrated at ?.?Hz. 
Vibration.e occurred in the inclined hang9rs of the 
Severn Bridg9, England, and it vu neceeear:r to fit 
modified Stockbridg9 dampers to aTOid potential 
problems. Wind and traffic induced vibrationa are, 
holMver, not normall.y found to produce significant 
c:rclio str••••• in bridge euperatructurea and re
ported probl... have been confined to light..,.ight 
attachments that can vibrate at a reaonant frequ•nC'J. 

Thia paper ia ainl.y concerned with the appraisal 
of fatigue cauaed ·bf traffic induced etreeeee in 
orthotropic steel deck8. 

1. Traffic Loadin« 

Conaiderable attention has been given to· collect
ing axle load and vehicle load data for use in design 
of pavements u lMll aa bridgH. Several types of 
d;rnamic weighbridge•, for weighing moving traffic vi th
out interruption to tl.ov, have been devised (12 to 16). 
The B'J•tem developed for British work is composed of 
three o.6m square modulea made from aluminium •utinge 
each having four load cell.a (j!) • When uaed vi th 
inductive loop detector• and an axle detector, data 
can be colleoted for Tehicle speed, length, weel 

baae, head~ and axle wight. It ia euential for 
in.etallation.e to be in amooth road aurtacee free 
from rute or undulatiolUI which could cauae d)'Jl&mic 
effecta in the vehicle euapen.eion S'J•tem. Meaaure
mente made using di!ferent vehicle• driven acroea a 
apecial.ly con.etructed teat track, shoved that the 
range of variation.e in the meaeu.red axle load can 
exceed 1"6 of the static value (1?). In practice 
the pavement surfaces adjacent t'O'"and acrGss brid89• 
tend to have irregularities u90ciated with features 
such aa expanaion jointa. Soil compacted behind 
abutments can settle so that there ie a pronounced 
step in the approach to the bridge. Such irregular
ities generate extra variationa in dynamic loada so 
that high peak values can occur. In order to ueeee 
these effecte, a 16okN teat vehicle vais fitted with 
inatrumentation to ita back axle to enable dynamic 
loada to be meaaured. The vehicle vu driven acroee 
thirt:r motorway and over-motol'W.1 bridg9e ( 18). It 
W1UI found that peak values of impact factor'i9"(ratio 
of dynamic to static wheel load) rang9d from 1.09 to 
1.75. In an extreme cue of a bridge which carried 
an unclaaaified road over a moto~ a peak value of 
2.?? waa recorded. Meuurementa were also made on 
tvo long apan brid89• having orthotropic steel d•cka· 
Peak Taluee of impact factor were up to 1.? and the 
RMS Talue of the d:rziamic component of weel load w.a 
5.8kN for the two bridges (the static weel load d8 

50 kN). The impact effects are dominant for the 
firet eycle and rapidl:r deca:r. 'l'he bigg9et effect• 
are for unladen nhiclH ao that the heaV'J load.9 
~ich are potentiall.:r the moat daaaging deTelop 
llllaller ~c componenta. 

Figure 1. Tr&IUIVerse section of orthotropic deck 
shoving distribution of neareide weela. 
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Aeeeeement of the fatigue lives of orthotropic 
steel decks preeente special problema because 
streseee are ver:r een.eitive to the lateral poeition 
of the Tehicle. MeUllrementa made of traiurver•e 
poeitiona, uaing a photographic technique, shoved 
that ?~ of all wheels paaeed with ! 3QOIB of the 
centre line of the lane, figure 1. For llUl.ti-lane 
dual Clll"l'iagevaya, the heaV'J vehicles tend to be 
concentrated in th• near-eide (right hand) lanea. 
Heuurementa of the di•tributiona of Tehicle• 
exceeding 15 kN between lane• of dual carriagewaya, 
for tl.ove Q ranging from 300 to 850 nhiclea per 
hour, have show that the proportion of vehiclH in 
the n~ide lane i• given bJ the empirical expreH
ion 12004 • Thua, for a tl.ow of 500 nhiclee per 

hour, ?(If, of the heav:r vehicles occupied the near 
aide lane (.12) • 

During the trials of orthotropic ateel deck 
panela at Denham continuoua meuurement• were made 
of axle and vehicle loada, 21+ hour• a ~ for three 
welca, ie for a total time of 504 hour• (20). Axle 
loada between 1.14 and ~2 kN were reoord9ci' and 
clauified in 9.1 kN incr ... nta. A total of ?1,299 



. . axl•• and 33,619 vehicles VIUI recorded. Of these, 612 
axles exceeded the legal limit plue a 1~ allovance 
for impact and 57 vehicles exceeded the groee weight 
limit. Aaewning that fatigue damage ie proportional 
to u3 and neglecting cut-off, the overloaded axles 
have a demage potential of 24%, (u ie stress range). 
Using these and more recent data, co!l8Ultants on 
behalf of Department of Tranaport have recommended a 
loading spectrum for the new British Standard for 
design of bridges. A 25 band spectrum of connercial 
vehicle• (those vehicles having gross weights exceed
ing 15 kN) has been derived. Numbers of occurrences 
per million conmercial vehicles were given and the 
damaging effect calculated. From these figures a 
standard fatigue vehicle was derived, figure 2. 

Figure 2. Dimensions and spectrum of standard 
fatigue vehicle (not factored). 
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Axle weight Vehicle weight Proportion of 
kN kN \/ehicles 

720 2880 0.00001 
402 1608 0.00002 
327 1308 0.00003 
168 672 0.00044 
84.8 339.2 0.1045 
65.6 262.4 0.105 
57.6 230.4 0.09 
29.6 118.4 0.7 

Cl DESIGN LOAD SPECTRUM FOR MAIN MEMBERS 

This has an axle arrangement similar to the type of 
vehicle respolll!ible for half the damage in the 25 
band spectrum. It haa other advantage• including the 
fact that it has the same axle arrangement ae the 
notional HB design vehicle, so that results of static 
elastic analysis can be scaled and used for some of 
the fatigue check!!. An equivalent spectrum of these 
standard fatigue vehicles is given in figure 2. 

2. Str ess Spectra 

The determination of local stresses may be 
required for aaseHing the strength of an existing 
bridge or for determining a new design. Calculation 
of stresses in orthotropic dee~ preeente probleme 
due to the sharp etreee gradients that develop at the 
joints and the difficulty in aaseseing effects of the 
asphalt wearing l!llrf'ace. The uphalt influences 
stresses due to its contribution to bending stiffness. 
Measurements of this compoeite action have shown that 
stresses close to the deck plate can be reduced to 
about 10 per cent of the values without aaphalt, 
depending on features such aa the deck temperature, 
speed of the vehicles, and grade of asphalt (~). A 
second series of tests on a different grade of 
aaphalt showed that behaviour is infiuenced by time 
dependent mechanieme1 when the vehicle ie stationary 
the uterial directly beneath the wheel.a crHpe so 

95 

that stresses close to the deck plate reduce with 
time (21). After removal of the vehicle, periods of 
up to 20 minutes elapsed before the strailll! returned 
to the no-load condition. It waa found that 
stresses in the lower surface of the deck plate 
were reduced by about 30 per cent when vehicle 
speeds were increaaed from crawl to 30 km/h, most of 
the effect occurring between crawl and 5 km/h. The 
stresses were increaaed by up to 100% for an in
crease in asphalt temperature from 20°c to 37°C. 

For existing decks, it is more satisfactory to 
measure stresses produced by a vehicle, preferably 
under dynamic conditions. The fatigue life can 
either be calculated by relating measured influence 
lines to assumed vehicle spectra, or by measuring 
stress spectra at the detail in question. Measure
ment of influence lines requires both longitudinal 
and tr&lll!verse directiolll! so that it is really 
infiuence surfaces that are required, Because 
stresses are so se11J1itive to lateral wheel position, 
the measurements are most conveniently made with the 
vehicle stationary. For tr&11J1verse influence lines, 
measurements should be at intervals not exoHding 
75mm and for longitudinal iafluenoe lines they 
should be 38 to 100mm. Meuurements have been made 
at TRRL with two types of deck having V-atifteners 
and trapezoidal stiffeners (22,23). Loading wu 
applied through a 900 x 20 vheel which could be 
accurately positioned on the panels. Transverse and 
longitudinal influence lines were produced, see for 
example figure 3. 

Figure 3. Transverse stresses adjacent to the 
stiffener to deck plate weld. 
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The data for 111111urfaced panels tHted in the labora
tory are suitable for comparison with calculated 
stresses, partly because the queationable ettect of 
the asphalt ia eliminated and pertly because the 
stresses are produced by more accurately control.led 
positioning of the wheel. Valuea of the strHHa in 
the atiff ener to deck plate joint have been calcul
ated by a method using finite atrip aDalysis. 
Comparisons betwen calculated and meaJNred etreNea, 
in figure 4, show good agreement. 
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Figure 4. Comparison of meuured and calculated 
atresaea adjacent to stiffener to deckplate weld. 
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Me..urementa have been made of the traffic 
induced stresses in the panels installed at Denham 
(24). Strain gauges v.re fixed at different poai
ticina on the underside of the panels. The outputs 
were recorded on analogue magnetic tape and analysed 
in the laboratory. The ehapea of stress cycles were 
irregular u ahown by the examplu in figure 5. 

Figure 5. Typical traffic induced stress cycles. 

·100 

0 5 10 15 

0 

20 mttrH 

2 seconds 

(al AXLE LOADS 

(bl STRESSES AT STIFFENER TO 
CROSS BEAM JOINT 

m is the ratio of damage 
calculated from range-pain 
to damage calculated from 
the major cycle 

(c) STRESSES AT STIFFENER TO 
DECKPLATE JOINT 

For the cycles conaidered, it waa inaufficient to 
record the peak to peak ranp and a program waa 
written to count range-pa.ire and to classify occur
rences in increments of ?.72 N/111112. In thia method, 
counts are -de of constituent cycles within a major 
cycle caUAMd by one vehicle. Da11&ge estimated from 
range-pairs for the cycle• ehown in figure 5, is up 
to 1.9 time• more than that derived from the major 
cycles alone (the ratio ie expressed ae m). Hieto
grama of results for 12 hours a day for 6 day• are 
shown in figure 6. 

Figure 6. Load and strees spectra measured at 
Denham. 
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During the time that hae elapsed since the 
stress data were collected at Denham, there have 
been changes to the vehicle regulations in Britain 
as well u differing trenda in the distribution of 
types of vehicle. In addition a new generation of 
equipment has been developed ao that data can be 
processed more quickly and a wider range of informa
tion obtained. It is therefore timely to update the 
state of the art and work i• being done u part of a 
collaborative project sponsored by the European Coal 
and StHl Comunity. The first phase of the pro
gramme, which ia currently under way, involves 
collection of 120 hours of data during tvo visit. to 
each of three stHl bridges, ie there will be a 
total of 360 hours data collected during aix 
eeHione at the bridges. Stresses are recorded on 
eleven channels. Axle loada, axle apaoinge, 
vehicle headways and speeda are alao recorded (~). 

3. Fatigue Relation.ahipa 

The relevant S/N relationship between atrees 
range and number of cycles to failure, for the 
component in question, can be selected by reference 
to a •tandard claeaification which gives curves 
bued on conventional laboratory data for coamon 
types of welded joint. There i•, however, the 
question of how reali•tically laboratory testing 
can eimul.ate service conditiont1. For traffic load
ing of highway brid~• it it! neoeaeary to han S/N 
data in the range 10 to 1o0 oyclea, longer lin• 
being too tiJH consuming to produce. Many inTe•ti
gatio1111 have •topped at 107 cycles and mia .. d the 



~ . more relevant longer endurances. For some cues this 
may not matter becawie there is a 'knee' in the S/N 
curve of 11JaD1 joints, at about 2.10? cycles, beyond 
which conatant amplitude te•t• remain unbroken. 
Under variable amplitude loading however, failures can 
occur at lower mean •tr••••• and longer endurances. 

For investigationa related to full scale behav
iour it is necee..ry to uee test piece• big enough to 
hold rHidual welding etreesH vbich are typically up 
to yield str .. e. Thie ie important because residual 
stress•• pl~ a significant role in the fatigue mech
anilllll8 of welded joints in bridges, particularly for 
pulsating - compression. 

3.1 Residual Stress•• 

Most of the current understanding of effects of 
residual etreee ie due to the work of Gurney (26) who 
tested axial epecimena having longitudinal non:road
carrying connection.a. In a co-ordinated series of 
teete at Welding Institute and TRRL, the main effects 
due to residual streeeee were shown to be u folloWB: 

1. For loading varying t'rom pulsating-tension to 
fully reversed push-pull, the fatigue life ie depend
ent upon stress range and is almost independent of 
mean stress and stress ratio, R. For puleating
compreseion, lives are a little long.r than those for 
pulsating-tension at the SUMI range of stress, see 
figure ?. 

2. 'l'he el ope of the S/N relationahip is steep
ended and t he fat igue strength (t he stress to produce 
a given l i fe) is reduced eignifi0411tly at longer 
l i ves, see f igure 8. 

Figure ?. Effect of tensile and compressive stress 
ratio on fatigue. 
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Figure 8. Effect of residual stresses on fatigue. 
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'l'heee effects can be explained fro• conaideration of 
the stress/strain relationahip for structural •teel. 
Thie hu a prolonged fiat portion beyond yield etre•• 
and prior to the onaet of work hardening. For 
applied stress ranges of yield str••• magnitude, the 
surrounding elastic material is plastically deformed 
so that regiona of high rHidual str .. e are relieved 
and fatigue life is unaffected. For low.r str••• 
rang9s, the residual streeaee are unaffected and 
lives are reduced due to the higher value of true 
(u opposed to nominal) stress ratio. For str••• 
relieved specimens the true and nominal etreee 
ranges are the same. 

Pulsating-compression can be shown to be effect
ively the same u puleating-tenaion becauae tension 
merely produces a small plutic -excuraion along the 
stress/strain curve which work hardens to the eame 
strese range. However, it hu been shown that 
puleati~compreeeion continues to propagate cracka 
beyond the zones of residual tensile etreea and 
through the zone of compreuive etreu. In fact it 
ie poaeible to fracture a welded teet piece under 
the action of puluting-compreHion. Such behartour 
is almost certainly due to the fact that a crack has 
a plutic enclave at its tip, which ie subject to 
strain-cycling due to the presence of the aurround
ing elastic material. Once initiated, the material 
ahead of the crack continues to experience the .... 
value ot strain range irrespective of whether it b 
in the zone originally containing reaidual tenaion. 
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Figure 9. Effect of plate thiclme1111 on fatigue of 
lonritudinal non load carrying fillet veld. 
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3.2 Plate Thickneee 

When relating laboratory data to bridge perform
ance, it ie necessary to coD1Sider eize effect in 
relation to plate thiolmesa. Analyaia shove that the 
eize of an initial defect at the veld toe which just 
allows craok propagation, decreuee with increue in 
plate thickn•••· Teets have been done at the Welding 
Inlltitute to confirm the extent of these effect• for 
an axial specimen having a tranaveree non-load
carrying fillet veld. These show that there ie indeed 
a comparatively big effect for a ratio of weld-leg
length to plate thickness of 0~4, figure 9. Th• 
difference in strength at 2.10 cycles for plate 
thickne1111ea of 12.7 and 3811111, can be seen to be 
approximately 24 per cent. 

3.3 Teat Time 

Th• pSoduction of fatigue data for endurances of 
around 10 cycles ia eeaentially the simulation of 
120 year• design life by laboratory teats luting for 
up to about 12 veeke. Such acceleration involves 
a.eeumption that there are no significant eff ecta due 
to increued frequency, reduction of exposure time 
and elimination of reet-perioda between hea.,,. 
vehicles and during off-peak houra. In the past 
there have been nWDerou. invHtigationa of the effect 
of frequency. At ambient te11peraturea and a high 
ratio of frequenciea, there ia COtmlO~ a ..ii effect 
whereby n\lllber of cyvlN to failure increuee with 
frequency, eg test• on butt velded apeoilllena 
exhibited a 20 per cent inoreue in fatigue strength 
for frequencies of 8 to 116 Rs (~). In te•t• on 
atainleu •teel at 0.0013 lb, 2 lli and 120 Hz, and 
endurance• of up to 1o8 cyvlH, it vas found that in 
the regiou where the re9P11ctive curvee overlapped a 
sixt)' fold increase in frequency rahed the stHngth 
at the longer endurance by a similar factor, 
figure 10. In practice, co ... rcial vehicle• travel
ling in convoy are likely to crou a given detail at 
a rate oorremponding to a frequency of about 1 Hz. 
For the typee of influence line ahovn in figure 3, 
conatituent cycles are developed at frequenciea of 
about 30 Hz. '?he higheat frequency that laboratory 
tHta can be run, about 120 H11 depending on the 
stiffneu of the teat pieoe, i• unlikely therefore 
to inorfase endurance by a aignificant factor. 

Figure 10. Effect of frequency on fatigue life. 
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There have been a n\lllber of inveatigationa into 
ettect• ot rest-periods. '?he moat notable work was 
by Whitman (28) who teated mild steel cantilever 
epecimena ·for durationa of up to 23,000 ho\D'a. 
Holes vere drilled to lover the fatigue atrength 
and •illllllate a welded joint. When co11p9red with 
continuou. cycling, it vaa found that the reat
perioda cauaed increues in endurance of about 18 
per cent and raised the c:ut-off stress by 17 per 
cent. Kore recently it was conaidered necessary to 
re-examine the effect of reat-perioda to check 
vb.ether behaviour ie similar for a welded joint. 
Testa vere conducted at 'l'RRL on a non-load-carrying 
fillet velded specimen. Different combinationa of 
re•t-perioda to cycling phaaea were 1188d but the 
lllllin ~t ot the progr .... vaa for equal times 
cycling and resting, and with static stress during 
the rest-period, figure 11. It waa found that at 
the lover 11tree11 and longer reet-perioda, there ma::r 
be a very mall increase in life. The pre•ence of 
differing levels of streea during the rest-period 
had no effect. It seems clear that although rest
perioda can cauae an increue in cyclic life, the 
effect is too small to be a significant factor in 
deeign. Moreover the effect ia opposite to that ot 
frequency so that high frequency continuoua cycling 
should not introduce significant net errors in 
fatigue aaae111!1111ent. 

Figure 11. Effects of reet-perioda on fatigue life. 
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In couideri.ng other •rror11 due to accelerating 

th• cycling, the 11011t worrying effect ia due to the 
reduction of real time expo•ur• by a factor of 500, 
pouibly .,re. Fatigue t .. te in normal ambient 
conditiona involve a llil.d form of corrosion conaidered 
by aome to be the ..ohani .. re11pon.ible for frequency 
effecta. Thia proceu involve• real time and it ia 
not pouible to lliJllllate it eatiefactorily vi.th the 
present level of undaetanding of corroaion over long 
perioda of time. There have been numeroua inveeti
gationa of corrosion and the conaenaua show that 
fatigue strength can be reduced by about 50 per cent. 
Endurance• under corroaion fatigue are strongly 
dependent upon applied fr•quency, low frequenciea 
giving the shortest lives. The literature on cor
rosion fatigue has been surveyed by Knight (~) who 
noted that there is an interaction between corrosion 
and fatigue 110 that when the ho are simultaneous 
the strength is lower than for the eum of the indi
vidual effects. Laboratory corrosion teats .re of 
necessity accelerated and there ia inaufficient know
ledge about longer term behaviour, for periods of 
several ye.re and more. The moat co111110n type of 
laboratory teat involves cycling a specimen which is 
i11111ereed in a salt water bath. Whilst such teats 
give conaervative data it is arguably more realistic 
to conaider fatigue of matariala exposed in a 
natural environment for longer times. Testa speci
fically related to bridges have been conducted on 
specimens exposed to marine environments for periods 
of up to two years. It vu found that fatigue 
etrengtha at 2.106 cycles were reduced by betv.en 20 
and 40 per cent (~) • Teets on reinforcement bars 
embedded in concrete beams which were loaded in 
flexure till cracking developed, involved exposures 
of up to one Y•~· It wu found that the fatigue 
strength at 2.10 cycle• va.a reduced by about 37 
per cent (~). In the current research programme of 
the TRRL, epeoimene .re being exposed in a natural 
marine environment for periods of up to ten ye.re. 
The first uaee8111ent vill be in 1980. 

3.4 Programmed Loading 

The term programmed loading refers to cycles of 
varying amplitude, whether random or non-random. 
Although fatigue testing is usually conducted at a 
constant amplitude of stress, bridges experience a 
spectrum of stre1111•11 which must be interpreted in 
relation to the available data. There has been a 
very coneiderable volume of reseuch into crack 
propagation and rupture life under programmed load
ing and it haa been found that eumaation of lineu 
cumulative damage• can be used eucceaafully in a 
v.riety of situation.. (•The Palmgl'en-Miner hypoth
esis (~) first proposed in 1924 in a study of the 
durability of ball bearinga.) It hu subsequently 
been ahown that a fracture mechanics analysis of 
crack propagation giTH the ume results u the lineu 
eumation of cumulative daap. The hypotheaia is 
currently very videly uaed and is embodied in the new 
British Standard for brid19 design. 

For analyeia of crack propagation under progrui
med loading, Baraoa (~) showed that the RMS nlue 
of the spectrum can be correlated vi.th conatant 
amplitude loading. Thie gave very good results for 
different apeotra. Overbeek• (~) conducted an 
unusually comprehenain progremme of teste on spot 
welded lap joints. Thi• work ift notable becaWM it 
in"tOlved endurance• of up to 10 cycles and the 
teats includad narrow-band ~leigh and broad-band 
Gauseian spectra. The rupture data correlated using 
RMS nluee of atresa. Thia work i• very significant 
becauae there is a dearth of data for broad-band 

spectra relevant to fatigue of joint• in ortho
tropic bridge decka. Yamada and Albrecht (J§_) 
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teated I-belllll8 vi.th welded cover plates and butt 
jointed platee, using a stress spectrum recorded on 
a relevant bridge detail. In analysis of the data 
the programmed loading was expressed in ter11111 of 
RMC (Root Mean Cube) rather than RMS becauae sum
mation of crack propagation uaing fracture mechanics 
involve• an exponent of 3. It vu confirmed that 
RMC etre11ee11 correlate vi.th conetant amplitude 
fatigue. Schilling and Klippstein (ll,) teated 
similar epecimena using a Rayleigh diatribution 
which wu shown to represent a meaaured spectrum of 
etreeeee. It wu found that the equivalent etreeeee, 
whether calculated from cumulative damage or RMS 
valuea, correlated with conatant amplitude data. 

Clearly a luge proportion of traffic induced 
etree11e11 ere below the fatigue limit (cut-off 
stress). The fatigue limit ie the lowest etreee 
that vill propagate cracks from a representative 
size of defect and ie therefore influenced by the 
initial state of the specimens. Once a crack hu 
propagated a finite dietance, lower etrHH• become 
~ng. Gurney (~) calculated the extent of 
this effect for eenral conditio1111 and in a typical 
oue found that a joint having a cut-off of 56.6 
N/1m2 for conatant amplitude fatigue hall an effect
ive cut-off of 42 N/-2 under progr .. ed loading. 
Thie work is currently being extended to the spec
trum given in the proposed Britiah Standard. 

4. Concluaiona 

There haTe been a number of cues of fatigue 
cracks developing in et'eel bridges under no~ 
traffic. 'l'heee may be loo•ely clueified u being 
uaociated with welded attachment• to main steel 
girdare, welded connectio1111 in orthotropic steel 
decka, and component• subjected to reeonant vibra
tion. In dHign of welded connection. it is 
neceeeary to uee.. fatigue performance ueing the 
beet current procedures. In thi11 paper special 
attention is given to orthotropic steel decke and 
the following point• emerged:- · 

1. Vehicle induced etreeees in unsurfaced 
orthotropic deck details may be calculated vi.th 
adequate accuracy using methods such u finite 
strip analysis. The composite action of asphalt 
surfacing reduces stresses close to the deck plate 
by factors of up to 10 to 1. Current practice is 
to ignore this composite action in design calcula
tion and regard it as a hidden factor of safety. 

2. For the types of traffic induced etre•• 
cycle in orthotropio decks, it ie necessary to 
count conatituent cycles vi.thin the major cycle 
produced by a vehicle. D&Mge UHHed from range
paire can be about tvice that assessed from major 
cycles alone. . 

3. In laboratory tests to eimu.late fatigue of 
highw;r bridges it is neceNary to uee l.rge epeci
meu that can retain residual welding etre ... • and 
have realistic plate thickneaeee. Applied etr••••• 
should be Hlected so that cyclic endurancH 8 exceed 107 cyclH and ehould preferably run to 10 
cycle• uaing relevant programed loading. 

4. Re.idual streee•• play a eignificant role 
in fatigue proceeeH. The al.ope of the S/lf CUl'Te 
ia steepened and the etreN range ia the dollli.nallt 
factor for pulsating-tension and puah-pull loading. 
Pulaating-COllpl'eaeion has the same logaritbldc S/lf 
alope u pulaating-tenaion but exhibit• lonpr 
endurance11. 

5. Accelerated teating at high frequency and 
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continuowi cycling ie unlikely to introduce eeriowi 
error• in ••tililation of liT•• up to about 107 eyolee. 
Effect• ~ be lllCll'e eignifioant at lower etreeeee 
.. mociated with cut-off. 
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RETROFITTING FATIGUE DAMAGED BRIDGES 

John W. Fisher, Alan W. Pense, Robert E. Slockbower, 
and Hans Hausammann, Lehigh University 

This paper examines continuing laboratory and 
field studies on ways to retrofit fatigue 
damaged members. Results of a pilot field study 
on two bridge structures with known fatigue 
cracks at the ends of cover plates are reviewed. 
Fatigue damaged members were retrofitted by 
peening and gas tungsten arc remelting the weld 
toe. The initial retrofit is summarized and the 
results of subsequent inspection after l~ years 
is reviewed. Also discussed is the retrofitting 
of several more bridges by peening weld toes on 
a more extensive scale. In recent years many 
highway and bridge structures have experienced 
fatigue damage from out-of-plane displacements . 
This has resulted in web cracking at the ends of 
transverse stiffeners and floor beam connection 
plates which were not welded to tension flanges. 
Cracking as a result of out-of-plane movement is 
reviewed and several examples of cracking in a 
number of bridges is discussed. Nearly all of 
these fatigue damaged members have been repaired 
and retrofitted by drilling holes in the web 
plate at the ends of the horizontal cracks. A 
series of laboratory studies have been carried 
out to evaluate the fatigue behavior of stiff
eners due to out-of-plane displacement. After 
fatigue cracking from out-of-plane movement 
these test beams are retrofitted by drilling 
holes in the web plats. Subsequently the fa
tigue damaged girder has been cycled to confirm 
the adequacy of the retrofitting procedures. 
These results will be summarized and related to 
bridges with comparable conditions. 

Laboratory Studies on Cover-Plated Beams 

Fatigue studies on baam.11 with welded cover 
plates and long attachments have demonstrated that 
large reductions in fatigue strength occur when fa
tigue crack growth occurs at the micro-sized dis
continuities that exfst at the weld periphery. 

In addition, fatigue cracking has been observed 
in the field at cover-plated beam bridges that 
carried an unusually high volume of heavy truck 
traffic causing large numbers of stress cycles(!). 

The formation of these cracks showed the desir
ability of examining methods for improving (upgrad
ing) the fatigue strength of welded joints without 
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changing the design details. In addition, methods 
are needed for arresting the progress of fatigue 
damage that occurs at the weld toes of severe notch
producing details where the probability of failure 
is greatest. 

An experimenLal prn~;am was carried out on sixty 
steel cover-plated beams in either the as-welded or 
precracked condition, to determine the fatigue 
strength of these details when treated by techniques 
intended to extend their f~tigue life. Three of the 
most successful methods reported in the literature 
for as-welded details were utilized(l_,1 1~ 11). They 
included: (1) grinding the weld toe to r emove the 
slag intrusions and reduce the stress concentration, 
(2) air hammer peening the weld toe to introduce 
compression residual stresses, and (3) remelting the 
weld toe using the Gas Tungsten Arc process. 
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Figure 1. Effect of grinding weld toe on fatigue 
strength 

Grinding the weld toe with a burr to provide a 
smooth transition and minimize the size of the ini
tial discontinuities was the least reliable method. 
Some improvement was noted at the lower stress range 
levels as illustrated in Figure 1, but none at all 



at the highest level of stress range. Similar re
sults were obtained in earlier studies on as-welded 
details which indicated that erratic results could 
be expected. 

Peening the weld toe val observed to be most ef
fective when the miniaJm •tress was low. This was 
true for as-welded and precracked details. This 
appeared to be directly related to the effectiveness 
of the compressive residual stresses introduced by 
the peening process. When peening was carried out 
on unloaded beams, the application of a high minimum 
stress and/or high stress range decreased the 
effectiveness of the residual compressive stresses 
that were introduced. Several tests were carried 
out on beams which were peened under a simulated 
dead load condition. Under these conditions about 
the same improvement was noted at both high 
[68.9 MPa (10 ksi)] and low [13.8 MPa (2 ksi)] mini

mum stress levels and at higher stress range levels 
as well. 
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Figure 2. Effect of Peening on Fatigue Strength 

The results of all beams with peened details 
that were tested under a low minimum stress level 
[13.8 MPa (2 ksi)] or that were peened under their 
minimum load, are summarized in Figure 2. Those de
tails that were peened in the absence of dead load 
are not plotted in Figure 2. When the 68.9 MPa 
(10 ksi) minimum stress was applied to these beams 
it eliminated most of the beneficial effects of the 
peening treatment. 

The . test points designated as PA were as-welded 
beams treated prior to any fatigue testing. The 
test points designated as PL were for beams that 
were first precycled to 75% of the lower confidence 
limit of as-welded-untreated beams. After precycl
ing these beams were then treated. They had fatigue 
cracks of various sizes. Two series of precracked 
beams (PL and PV) and one series of as-welded besms 
(PA) were tested to determine the effectiveness of 
peening. Cracks as large as 19 mm (0.75 in.) length 
and between 1.3 and 3.8 mm (0.05 and 0.15 in.) deep 
were observed prior to peening. After peening the 
precycled cracks were no longer visible. Inspection 
of the fracture surf aces indicate that movement oc
curred between the crack surfaces to a depth of 
3.8 mm (0.15 in.). The precracked details usually 
failed from continued crack growth from the original 
crack, but at a slower rate. In a few cases failure 
was observed from the weld root. It is readily 
apparent that substantial increases in life were 
achieved for as-welded and precracked beams after 
peening, when peening was applied in the presence of 
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dead load. The fatigue strength was increased by at 
least one design category(~) 

Also shown in Figure Z are test results on small 
plate specimens with 15Z mm (6 in.) longitudinal 
gussets welded to their surface. These tests were 
reported by Gurney and were made on as-welded speci
mens(~). The studies on welded attachments reported 
in NCHRP Report 147 have demonstrated that the 
attachment length has a significant effect upon 
fatigue strength. Hence, these 152 mm (6 in.) lon
gitudinal gusset plates were expected to exhibit 
slightly more life than those provided by cover
plated- beams. This was confirmed by the test data. 
All of the peened plate specimens fell near the 
upper limit provided by peened cover-plated beams. 
This suggests that other details can be expected to 
exhibit a similar increase in fatigue strength when 
subjected to peening at the weld toe. 

Figure 3. Lap-type defect in a peened weld toe 

Transverse sections through several peened weld 
toes, revealed numerous lap-type defects which were 
the result of extensive surface deformation. An 
example of this deformation is shown in Figure 3. 
The depth of these laps was in the order of 0.05 111111 

(0.002 in.) to 0.25 DDD (0.010 in.) which was approx
imately the same depth as the original slag intru
sions. These defects are believed to be typical of 
the whole weld toe since they were found on all 
transverse sections. 

Gas tungsten arc remelting at the weld toe 
termination was observed to provide the most reli
able and consistent method of improving the fatigue 
strength .in the as-welded or previously precracked 
condition. In a few instances the initial crack 
was not removed. Application of the gas tungsten 
arc remelt process did not succeed in completely 
fusing the fatigue crack in these specimens and no 
improvement was observed. These cases were en
countered before suitable procedures were developed 
to obtain a desired depth of penetration. 

The results of all three test series are sum
marized in Figure 4. The test points plotted as 
as-welded beams were treated prior to applying 
cyclic loading. The test points identified as pre
cracked to 75% LCL were all precycled to 75% of the 
lower confidence limit for untreated details. At 
that time the "fatigue-damaged" detail was treated 
with the gas tungsten arc remelt. In some cases no 
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visible crack existed. Those points indicated as 
visible precracked all had clearly visible cracks 
prior to treatment. Except for those failures in 
precracked beams that occurred because of failure to 
incorporate the complete crack into the gas tungsten 
arc remelt (see Figure 4), approximately the same 
increases in life were achieved by all specimens. 
None of the test series exhibited an influence of 
minimum otrcoo. Strcoo range was obs~~v~u Lu ac
count for nearly all of the variation in fatigue 
strengh. 
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Figure 4. Effect of gas tungsten arc remelt on 
fatigue strengh 
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Data available from other sources is primarily on 
small plate specimens with transverse gussets that 
provide a non-load carrying joint(3,4). The studies 
on NCHRP Project 12-7 have indicated-that this type 
of specimen provides fatigue behavior that is simi
lar to stiffener type details(_§.). No data was 
available on cover-plated beam details that had been 
subjected to gas tungsten arc remelting at fillet 
weld toes. 

Figure 5. Cross-section of cover plate end weld 

An etched cross-section of the trAn~ver9e end 
weld is shown in Figure 5. The remelt penetration 
is visually evident at the weld toe. It was pos
sible to provide up to 5 nun (0.2 in.) penetration 
in the gas tungsten arc remelt. Figure 5 also 
demonstrates the reason that an upper bound to 
fatigue strength was obderved for welded cover
plated beams. Improvements in the condition at the 
weld toe could not affect the growth of cracks from 
the weld root. Most of the details treated by gas 
tungsten arc remelt passes had their life governed 
by failure from the weld root. Treatment at the 
weld toe forced the failure to the less severe weld 
root and resulted in greater life. Tests currently 
underway on full size beams have yielded comparable 
behavior. 

Fatigue Damage in Cover-Plated Beam Bridges 

In October-November 1970, during cleaning and 
repainting of the Yellow Mill Pond Bridge, one of 
the cover-plated steel beams on the eastbound bridge 
on span 11 was found to have a large crack(]:). The 
crack had developed at the west end of the primary 
cover plate on Beam 4. It had grown from the toe 
of the cover plate transverse fillet weld into the 
tension flange and up 406 mm (16 in.) into the web. 

A visual inspection (!OX magnification) showed 
that Beams 1 And 5 in span 11 of the eastbound road
way which were adjacent to the casualty girder had 
cracks along the cover plate end. These cracks were 
subsequently verified by ultrasonic testing and a 
depth of penetration equal to 16 mm (0.625 in.) ~as 
measured. They were about half the flange thickness 
in depth and were found to have a semielliptical 
shape. An indication of possible fatigue cracking 
was also observed at five other details on span 10 
and two on span 11. No ultrasonic confirmation 
could be obtained at the other possible crack 
locations. 

In December 1970, after the detailed inspection, 
a section of the fractured girder wa~ removed and 
all three damaged girders were subsequently repaired 
with bolted web and flange splices. The section of 
fractured girder was taken to Lehigh University for 
the purpose of investigating the fracture surface 
and determining the material characterization. 

In November 1973, the east end of Beams 2 and 3 
in the eastbound roadway of span 10 were inspected 
again by J. W. Fisher for fatigue damage. This was 
the first inspection at Beam 2. An indication of 
possible cracking w3s observed at Beam 3 in 1970. 
Cracks were detected visually in both girders at the 
toe of the primary cover plate transverse weld. A 
magnetic crack definer(7) indicated that the crack 
in Beam 2 was approximately 9.5 mm (0.375 in.) deep 
at one point. The magnetic crack definer could not 
verify the presence of a crack in Beam 3. 

In June 1976, forty cover plate details in the 
east and westbound span 10 bridges were inspected 
for fatigue cracking using visual, magnetic parti
cle, dye penetrant, and ulrrasonic proceduras prior 
to retrofitting these girders during Phase I of 
NCHRP Project 12-15(2). Twenty-two of these details 
were found to be cracked by visual inspection. The 
smallest visual crack indication was 6.4 mm 
(0.25 in.) long. Fifteen of these cracks had pro
pagated deep enough to be detected by ultrasonic 
inspection. 

To inspect for cracks it was first necessary to 
blast clean and remove paint, dirt and oxide which 
had accumulated in the weld toe region. The visual 
(lOX magnification}, magnetic particle and dye 
penecrant inspection provided data regarding the 
length of the surface cracks. The magnetic particle 



. . inspection was discontinued after examining several 
cover plates due to difficulty in working with the 
probe in the overhand position. 

The ultrasonic inspection provided data regarding 
both the length and depth of cracks. Cracks at the 
weld toe smaller than approximately 2.5 mm (0.1 in.) 
deep could not be reliably detected by the ultra
sonic probe. The deepest crack depth indications of 
13 mm (0.5 in.) were found at the west end of the 
eastbound span 10 bridge in Beams 3 and 7. Compari
sons of estimated crack depths from ultrasonic 
inspection and actual measured crack depths after 
a fracture surf ace was exposed indicate that devi
ations of 1.6 mm (± 0.06 in.) are possible. 
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Figure 6. Plan of inspected details in span 10 
Yellow Mill Pond Bridge 

Figure 6 shows the approximate location of the 
details which were inspected in span 10 and sum
marizes the findings. Nine details in span 11 were 
also visually inspected. Indications of cracking 
were found at seven details. Very large cracks 
were observed at the east end of Beam 5 of the 
eastbound bridge and Beam 4 of the westbound bridge 
- span 11. 

In November 1976, a brief inspection was made by 
J, W. Fisher at span 13. Four large cracks were 
detected without removing the paint. These cracks 
were first observed with field glasses from the 
ground. It is believed that these cracks must be 
approximately 150 to 250 mm (6 to 10 in.) long and 
about 13 mm (0.5 in.) deep for the crack to break 
the paint film at the weld toe. This condition is 
probably also related to the ambient temperature. 
Decreasing temperatures cauee a more brittle paint 
coat and increase the likelihood of the paint to 
crack. 

In September 1977, a brief inspection was made by 
J. W. Fisher and A. W. Pense and three additional 
beams in the P.astbound structure had cracks at the 
ends of secondary cover plates. These cracks were 
observed to be about 6 mm (0.25 in.) long and 
occurred at several points along the transverse 
weld toes. 

Retrofitting Fatigue Damaged Bridge Members 
in Span 10 - Yellow Mill Pond 

Peening and gas tungsten arc remelting proce
dures were used to retrofit the cover-plated beams 
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in span 10 of the Yellow Mill Pond Bridge which were 
found to have fatigue damage. 

Grinding of the weld toe to reduce the size of 
the initial discontinuities and severity of the 
stress concentration had shown little or no improve
ment of fatigue strength of fatigue damaged members. 
Hence no attempt was made to employ this procedure 
at Yellow Mill Pond. 

Peening of the weld toe introduces compressive 
residual stresses. The weld toe was mechanically 
air-hammer peened until it was plastically deformed. 

Figure 7. Peened weld toe on Yellow Mill Pond Road 

Peening was performed with a small pneumatic 
air hammer operated at 0.17 N/mm2 (25 psi) air 
pressure. The end of the peening tool was radiused 
with a 19 mm (3/4 in.) radius about one axis and a 
3 mm (1/8 in.) radius about the other axis. All 
sharp edges were ground smooth. Several minutes 
were required to peen the weld toe. Peening was 
continued until the weld toe became smooth. A 
peened weld toe at Yellow Mill Pond is shown in 
Figure 7. The depth of indentation due to peening 
was approximately 0.8 mm (0.03 in.). 

The Gas Tungsten Arc Process (GTA) removes the 
nonmetallic instrusions at the weld toe and re
duces the magnitude of the stress concentration by 
smoothing the weld termination. The tungsten elec
trode was manually moved along the toe of the fil
let weld. This melted a small amount of the fillet 
weld and base metal. Provided that the cracks are 
not too deep, the metal around the cracks can be 
sufficiently melted so that after solidification, 
the cracks will have been removed. 

The welding equipment used was a 200 amp DC 
power source with drooping V-I characteristics. A 
high frequency source was used to start the arc. 
The electrode was 4.0 mm (0.156 in.) in diameter 
with a 4.8 mm (0.188 in.) stick out. The composi
tion of the electrode was 2 percent thoriated 
tungsten. A Linde HW-18 water-cooled torch was 
used. The entire welding unit was mounted on a 
Bernard portable carriage which also contained the 
water supply and a recirculating pump to cool the 
torch. The portable carriage was mounted on the 
rear of a truck with the portable gasoline power 
supply. A 15 m (SO ft.) line from the welding unit 
to the torch permitted the welded access to the 
girder. 

A series of preliminary tests were conducted in 
Reference 6 to find the effect of weldin~ variables 
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on GTA remelt penetration. The results of this 
study indicate that maximum penetration is obtained 
by the use of helium shielding gas and a cathode 
vertex angle between 30 and 60 degrees. 

Figure 8. Transverse fillet weld after gas tungsten 

Twenty-five of the cover plate details in span 
10 were repaired after being inspected. Fourteen 
were peened and eleven were gas tungsten arc re
melted. Figure 9 aummarizes the type of repair 
which was made at each cover plate weld toe. 

Seven of the remelted details which had cracks 
detectable by ultrasonic examination were rein
spected after the repairs were completed. The east 
primary details on Beams 2 and 4 (eastbound bridge) 
both produced a spot indication at a depth of 
3.2 mm (0.125 in.). The ultrasonic examination of 
the west primary details on Beams 3 and 7 (eastbound 
bridge) which had cracks about 13 mm (0.5 in.) deep, 
indicated a large embedded crack. The remelt at 
these details did not change the crack depth. The 
depth of remelt penetration was approximately 6.4 mm 
(0.25 in.) (see Figure 10). These cracks were pur
posely treated without gouging and rewelding by con
ventional means in order to evaluate the effective
ness of the treated details. The length of time 
required for the crack to penetrate back through the 
weldment could be compared with theoretical esti
mates of life extension. No crack indications were 
found at the west primary detail of Beam 2 (east
bound bridge) or at the east primary and secondary 
details of Beam 3 (westbound bridge). 

arc remelt Residual Fatigue Life after Retrofitting 

All retrofit welds on span 10 were performed in 
the overhead position. The areas to be welded were 
sandblasted to remove the mill scale that promotes 
undercutting. A helium and argon mixture shielding 
gas and a cathode vertex angle between 30 and 60 
degrees were used as the mixture provided about the 
same penetration as helium alone. Travel speed was 
approximately 1.3 mm/sec. (3 in/min.). The retrofit 
weld was started on the longitudinal weld toe and 
continued along the transverse weld toe. The weld 
finally terminated at the opposite longitudinal weld 
toe. Intermediate terminations were made at approx
imately 100 mm (4 in.) intervals because of the duty 
cycle of the portable welding unit. Each of these 
terminations were carried up to the weld face to 
prevent cratering at the weld toe. Figure 8 shows a 
transverse fillet weld after the gas tungsten arc 
retrofit. 
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Figure 9. Repair methods on span 10, Yellow Mill 
Pond Bridge 

Since the field repair of the Yellow Mill Pond 
Bridge members was only recently completed, the 
effectiveness of this repair must be judged on the 
basis of available laboratory studies on similar 
members. Fortunately both experimental data and 
analytical techniques exist to make this assessment. 
Peening was most effective in the laboratory when 
the initial cracks were very small. For this rea
son, peening was selected for retrofitting all 
beams where ultrasonic inspection was unable to con
firm a visual indication of cracking or where 
neither inspection technique detected cracking. All 
cracks greater than 3.2 mm (0.125 in.) deep were gas 
tungsten arc remelted. 

No cracks were indicated by ultrasonic inspec
tion at ten of the cover plate ends which were 
peened in span 10. Four cover plates which were 
peened had a maximum depth indication of approxi
mately 3.2 mm (0.125 in.). Therefore, the effec
tiveness of peening at Yellow Mill Pond should be 
comparable to the results plotted in Figure 2. 

The laboratory studies on fatigue damaged de
tails that were retrofitted by peening indicated a 
greater tendency for improvement at the lowest level 
of stress range tested [82.7 MPa (12 ksi)]. The 
details yielded fatigue lives up to 107 cycles. 
Since the stress range experienced at Yellow Mill 
Pond seldom exceeds 41.4 MPa (6 ksi), this procedure 
should be even more successful in prolonging life . 
The lower level of applied stress range will make 
the peened detail more effective because the induced 
compressive residual stresses at the crack tip are 
not likely to be overcome. As a result the details 
should be subjected to cyclic stresses that are well 
below the effective crack growth threshold. Tests 
currently underway have verified the expected be
havior. Beams subjected to 41.4 MPa (6 ksi) or 
55.2 MPa (8 ksi) stress range have been retrofitted 
after developing small fatigue cracks at the weld 
toe. These details have been retrofitted by peening 
and have not experienced any further crack growth 
after being subjected to 30 million streas cycles . 

The increased fatigue strength developed by the 
retrofitted (gas tungsten arc remelted) precracked 
beams also suggested that substantial increases in 
fatigue strength could be expected at the lower 



.. stress ranges to which the Yellow Mill Pond Bridge 
bealll9 were subjected. The crack growth threshold of 
Category D appears to be about 58.4 MPa (7 ksi), 
which is substantially above the stress ranges 
experienced at Yellow Mill Pond (see Figure 4). 
Hence, retrofitting by the gas tungsten arc remelt 
procedure should eliminate the possibility of sub
sequent cracking. 

The probability of a root failure occurring is 
dependent on the relative size of the weld with 
respect to the thickness of the cover plate. As the 
ratio between weld throat width and cover plate 
thickness increases, the probability of root failure 
decreases. For the Wl4x30 cover-plated beams the 
ratio of throat width to cover plate thickness is 
0.31. This ratio at the primary and secondary cover 
plate details of the interior beams (W36x230) at 
Yellow Mill Pond is 0.28 and 0.32, respectively. 
Therefore, comparable results should result at 
Yellow Mill Pond. The scatter in the fatigue lives 
of remelted details is due primarily to the ef fec
tiveness of melting the material surrounding the 
fatigue cracks. The maximum crack depth closed in 
the remelting test beams was approximately 3.8 mm 
(0.15 in.). Ultrasonic inspection of the large 
fatigue cracks at the west end of Beams 3 and 7 
(eastbound roadway) after remelting indicate that 
the depth of penetration was approximately 6.4 mm 
(0.25 in.). A sample plate was cleaned and gas 
tungsten arc remelted at the Yellow Mill Pond. The 
specimen was then sectioned, polished and etched. 
The depth of penetration was measured between 3.5 mm 
(0.14 in.) and 5.8 mm (0.23 in.). 

After the remelt retrofit was completed, the 
details that had provided indications of cracking 
were ultrasonically inspected. No indications of 
residual cracks were found at the primary or 
secondary details of Beam 3 (east end, westbound 
roadway) and at the primary detail of Beam 2 (west 
end, eastbound roadway). This indicated that the 
gas tungsten arc remelt procedure had effectively 
eliminated the small fatigue cracks that were de
tected at those details. 

The increased fatigue life as a result of peen
ing or remelting should increase the crack growth 
threshold stress range, 6oTH. If the peening oper
ation is capable of embedding the crack initiation 
sites in a compressive residual stress field a sig
nificant increase in the threshold stress range 
will be observed. The gas tungsten arc remelt pro
cedure reduces the stress concentration by smooth
ing the transition at the weld toe and also mini
mizes the embedded discontinuities and fatigue 
cracks. Therefore, 6oTH will also be increased. 
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Figure 10. Crack shape for Beams 3 and 7 (1976) 
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The shape of the large embedded cracks at the 
west primary detail of Beam 3 (eastbound bridge) and 
at the west detail of Beam 7 (eastbound bridge) are 
shown in Figure 10. The stress intensity model for 
these embedded cracks is shown in Figure 11. This 
approximate model combines the solution for an ec
centric crack(8) with the stress gradient correction 
factor, FG, defined in Ref. 9. Utilizing this model 
and the crack growth rate da/dN a 3.Bxlo-9 tll<3 (6K 
in units of MPaliiiiii, da/dN in units of mm/cycle), the 
number of cycles necessary for the crack to propa
gate through the retrofit weld toward the weld toe 
was estimated. It was assumed that when the embed
ded crack penetrated the exterior flange face it 
would quickly become an elliptical surface crack 
with the major semidiameter axis being defined by 
the crack shape ratio prior to retrofitting. 

For this study the retrofit weld penetration was 
assumed to be 4.8 nun (3/16 in.). The estimat,•d number 
of cycles necessary to propagate the embedded cracks 
through the retrofit weld at a stress range of 
13.1 MPa (1.9 ksi) for Beams 3 and 7 were 7.0 and 
6.7 million cycles, respectively. The elliptical 
surf ace cracks for both beams were approximately 
13.S mm (0.53 in.) deep at the beginning of the 
final stage of crack growth. An additional 1.0 and 
2.7 million cycles would be necessary for the cracks 
to grow through the flange thickness for Beams 3 and 
7, respectively. 

The stress intensity model for the growth of 
embedded cracks probably overestimates the fatigue 
life since it does not account for crack growth 
which is occurring simultaneously from the weld toe. 
Nevertheless, substantial improvement in fatigue 
strength can be expected even if the entire crack 
has not been completely remelted, if the crack ini
tiation sites along the weld toe have been effec
tively reduced. 

Ultrasonic inspection of the primary detail of 
Beam 2 (east end, eastbound roadway) and the second
ary detail of Beam 3 (east end, eastbound roadway) 
produced a spot indication at a depth of 3.2 111111 
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(0.12 in.). These embedded discontinuities may be 
uelow the crack. gruwth threshold. Since their size 
and shape is nearly impossible to estimate, an exact 
evaluation is not possible. 

The beams with the large embedded cracks were 
inspected again during September 1977 and showed no 
evidence of further crack growth. The tungsten 
inert gas remelt pass was still intact. Approxi
mAtPly 1 million etreea range cycle~ had baan axpar
ienced since the original treatment. 

Retrofitting Web Cracks at the Ends of Stiffener 
and Floor Beam Connection Pistes 

Web cracking has been observed in welded girders 
at the ends of transverse stiffeners and floor beam 
connection plates(lO) . These cracks are caused by 
out-of-plane movement at the web. Out-of-plane 
movement as shown schematically in Figure 12 is 
introduced from the end rotation and displacement of 
floor beams which frame into the web of the main 
longitudinal built-up girders and by horizontal de
flections of bracing members connected with stiff
eners. It can also be introduced by bending during 
handling and shipping. Out-of-plane movement causes 
large bending stresses in the short gap at the end 
of the stiffeners. 

Floor Beam 

Main Girder 

8 -
Figure 12. Schematic of deformation at end of 
floor beam connection plate 

At the present time fatigue tests are being con
ducted at Lehigh University to evaluate the fatigue 
strength of comparable details. In these tests web 
cracking is introduced by simulating the out-of
plane moment that occurs at interior floor beams 
where the tension flange is restrained. The experi
mental test program includes various gap 
(distance between the end of the transverse stiff
ener and the flange) and the magnitude of out-of
plane deflection. Gap lengths equal to 2.5, 5, 10 
and 20 times the web thickness are being examined 
when the out-of-plane deflection varies between 
0.13 mm (0.005 in.) and 2.5 mm (0.1 in.). 

The tests have shown that the specimens crack 
either immediately at the end of the transverse 
stiffener or at the end of the stiffener weld. No 
cracking occurred at the longitudinal weld between 
the web and the flange. In Figure 13 the prelimi
nary results for several gaps under different de
flections are shown. 
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Figure 13. Experimental relationship between 
web gap length and out-of-plane displacement 
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The experimental data suggest that increasing 
the gap by a factor of two results in an order of 
magnitude increase in the cyclic life. If the 
stress range at the gap were only proportional to 
the deflection, i.e. 

a 
r 

a: A 6 EI 
2 

g 

Then the cyclic life could be estimated from the 
relationship 

Since 6K ~ a F /ii;, this would result in 
r 

6K a: A _i_ 
2 

g 

Substitution into Equation 2 yields 

(l) 

(3) 

(4) 

The ratio of life for a given level of deflection 
can be estimated for this lower bound condition as 

(5) 

Considering the ratio of life for a gap length of 
5 t and 10 t results in w w 

(6) 



. . The test data indicate that a ratio of 0.15 exists. 
This difference appears to be due to rotation of the 
flange and variance from the assumed model. This 
evaluation has indicated that increasing the gap 
does not increase resistance to fatigue cracking at 
as fast a rate as implied by Equation 1. However, 
the results also suggest that careful consideration 
should be given to details that will result in out
of-plane movement in gap regions. 

Figure 14. Holes drilled at ends of crack 

After each transverse stiffener on the test 
girder was fatigue cracked by the out-of-plane move
ment, holes were drilled at the crack tip. 
Figure 14 shows a typical retrofitted stiffener end. 
After retrofitting by drilling holes, the girder was 
subsequently subjected to cyclic loading at a stress 
range corresponding to category C [i.e. 96.5 MPa 
(14 ksi) at the stiffener end). 

All cracked stiffener ends sustained cyclic 
loading until the test exceeded the lower confidence 
limit corresponding to Category C. No cracks were 
detected in the drilled holes perpendicular to the 
bending stress in the girder. Fortunately the 
cracks from out-of-plane movement are mainly paral
lel to the cyclic stresses. Hence the drilled holes 
were very effective in preventing further cracking 
and provided a detail comparable to the fatigue 
design condition. 

Summary and Conclusions 

Extensive laboratory experimental work on welded 
details has demonstrated that fatigue damaged de
tails can be retrofitted and their fatigue life 
extended. Three repair or improvement methods were 
studied experimentally and observed to be effective 
to varying degrees in extending the fatigue life of 
welded details. Grinding was not as effective as 
peening under dead load and the gas tungsten arc 
remelt pass. 

Peening was observed to produce good results 
with both uncracked as-welded details and fatigue 
damaged details with surface cracks less than 3 mm 
(1/8 in.) deep. The application of a high minimum 
stress after peening caused a reduction in the ef
fectiveness of peening as it caused a decrease in 
the compression residual stress. As a result of the 
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laboratory results on cover-plated beams which had 
experienced fatigue damage, peening was used to 
retrofit fatigue damaged bridge details that showed 
no significant crack growth. · 

The gas tungsten arc remelt pass was the most 
effective method examined in the laboratory and was 
also effective in repairing fatigue damaged details 
with surface cracks less than 5 mm (3/16 in.) deep. 
The procedure was used to retrofit bridge beams with 
cracks up to 12 mm (1/2 in.) deep. This did not 
permit the fusion of all of the crack surface. How
ever, it was predicted that the embedded crack would 
provide several years additional life. Bridge beams 
with cracks at cover-plated weld toes that were 5 mm 
(3/16 in.) or less deep could be retrofitted and the 
fatigue crack removed by the remelt procedure. This 
was confirmed in the field. 
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REPAIR OF POPLAR STREET COMPLEX BRIDGES IN EAST ST. LOUIS 

Wei Hsiong, Illinois Department of Transportation 

The web cracks found in the Poplar Street Complex 
Bridges were located at the top of the web-to
bottom flange fillet weld near the end floor 
beams. The buckled web was observed at the end 
of the girders behind the bearing stiffener. This 
report summarizes th~ reet1lts of th& study which 
intends to determine the proper causes of the 
distress. It is believed that the main cause of 
the web crack was due to the out-of-plane move
ment of the web; and that the cause of the web 
buckling was from the eccentric reaction induced 
by the seized bearing pin. The repair method 
was developed mainly to stiffen the section and 
to carry the secondary stress induced from the 
out-of-plane movement of the web and to resist 
the distortion of the girder due to differential 
deflection of the main girders. Suggested de
tails for future design are also included. 

Introduc tion 

The Poplar Street Complex, located on the east 
bank of the Mississippi River in East St. Louis, 
Illinois, is a focal point where Interstate Highways 
I-SS, I-70 and U.S. Route 40 join to cross the Miss
issippi River. The system was built in stages with 
the first stage opened to traffic in 1967. 

The Complex is one of the largest and busiest 
interchange system in the State of Illinois (see Fig. 
1). le extends from the Poplar Street Bridge over the 
Miss iss ippi River on the west, northeast to Broadway 
in East St. Louis for the main line routes with addi
tional ramps to the south and southeast to connect 
with State routes and East St. Louis Street. It 
consists of many vaiducts with series of three and 
four span continuous two girder type bridges. 

The majority of the two girder type bridges are 
on horizontal curves with radii of approximately SSO 
meters (1800 feet). The torsional rigidity of the 
open frame system is provided by the closely spaced 
floor beams which are rigidly connected to the main 
girders. The floor beams support the stringers and 
the reinforced concrete deck which carry the traffic 
loads. The floor beams, then , transfer the loads 
from the stringers co the main griders. 

In late 1973, the Bridge Inspection Team of the 
Illinois Department of Transportation made their 
first in-depth field inspection of this bri dge. They 
discovered many structural problems in the main sup-
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porting members of the bridges. These problems con
sisted of web cracking, web buckling and separation 
between the bottom flange of the girder and the top 
bearing plate. The major areas of distress were pre
dominantly located at the ends of the continuous 
girders. 

This report summarizes the findings from a series 
of studies. These studies were intended to determine 
the causes of the distress. From these studies, 
corrective measures to restore the structural integ
rity have been developed. Recommendations for fut
ure design are also presented. 

Description of Structural Problems 

The distressed areas found in these bridges can 
be categorically divided into three groups. 

Web Cracking 

Web cracks were first observed at the end of the 
girder under the end floor beam connecting plate 
which is positioned 18 cm. (7 inches) toward the cen
ter of the span from the center line of the bearing 
stiffeners, Most of these cracks started near the 
lower end of the vertical connecting plate and ex
tended in both directions in the girder web as shown 
in Fig. 2. The longest crack observed was 48 cm. 
(19 inches) long. Some had two cracks at the same 
location, one was immediately under the lower end of 
connecting plate; the other, just above the web-to
flange weld toe. The former was shorter in length. 
In a later inspection, it was found that the web 
cracks had also developed at the upper end of the 
connecting plate in the negative moment region. 

Web Buckling 

Web buckling was observed at the end of the gir
der. This buckling of the web occurred a few inches 
above the bottom flange as shown in Fig. 3 and was 
often associated with the separation of the top bear
ing plate from the bottom flange of the girder (see 
Fig . 4) . In some cases, web cracking above the web
to-bottom-flange weld toe was also observed . This 
crack started at the end of the girder and progressed 
horizontally toward the bearing stiffeners. 
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Separation Between Bottom Flange and Bearing Plate 

The front part (span side) of the top bearing 
plate separated from the bottom flange of the girder. 
In some locations the separation started at the front 
edge of bearing plate and extended horizontally to a 
point below the end bearing stiffeners. In other 
locations, the separation was wider at the outside 
edge of the flange than on the inside edge of the 
flange. Figure 4 shows a general view of the sepa
ration. 

Analytical Study 

Analytical Study was initiated in December 1973 
by the Bridge and Traffic Structures Section of the 
Illinois State Department of Transportation to deter
mine the probable causes of the structural problems. 
The following is a discussion of the study: 

Web Cracking 

These cracks were found near the end of the gir
ders. As shown in Figure S, the end floor beam is 
rigidly connected to a connecting plate on the in
side face of the girder web. The connecting plate 
located 18 cm. (7 inches) from the centerline of the 
end bearing stiffeners was welded to the top flange 
and the web of the girder, but had a tight fit at the 
bottom flange of the girder. Since the end floor 
beam is rigidly connected to the connecting plate, 
the rigid connection transmits the rotation of the 
floor beam to the supporting girder. The rotation 
tends to pull the top half of the main girder inwards 
and push the bottom half outwards. The girder flanges 
at this location are restrained from movement by the 
concrete slab at the top and by the bearing assembly 
at the bottom. This restraint induces a moment at 
the junction of the girder web and the girder flange. 
The moment at bottom of the girder web produces ten
sion stress on the inside face of the girder web and 
compression stress on the outside face of the girder 
web. The unconnected but tight fitted lower end of 
the connecting plate cannot resist this tensile 
stress and this additional force is transmitted into 
the web. The stress produced by this force on the 
web approaches the yield strength of the material 
every time when the end floor beam is subject to the 
designed live load. The fatigue resistance of the 
web at the end of the welded connection plate is 
classified as categoty C in AASHTO Specifications. 
It is apparent that the high cyclic tensile stress 
in the web will initiate the fatigue crack. 

If the connecting plates had been welded to the 
flanges, the additional strength of the T-section 
formed by the connecting plate and the web would have 
reduced the stress in the web due to moment to within 
the allowable stress range. It appears to us that 
this is the reason why there were no cracks in the 
web where the connection plates were welded to the 
flange. Cracking did not occur in the lower web of 
the girder at the piers or at end of the girder where 
the floor beams were connected to the bearing stiff
eners. Since the bearing stiffeners were milled to 
bear on the bottom flange and were placed on both 
sides of web, the compression stress in the stiff
eners due to reaction at the bearing can offset the 
tensile stress produced by the movement of the web 
as mentioned previously; besides, the frictional re
straint at the contact surfaces between mill-to
bearing end of the stiffeners and the top face of 
the bottom flange can prevent the web from moving. 

The floor beams located in the positive moment 
regions which are connected to a single connecting 
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plate as previously discussed showed no distress 
because the bottom flange of the girder was free to 
displace and rotate. The freedom to move released 
the stress in the web and prevented the cracks in 
the web near the bottom flange from developing. 

Buckling of Web Behind End Bearing Stiffener 

The cause of the web buckling was due to the 
eccentricity of the reaction between the bearing 
shoe and the bearing stiffener. This eccentricity 
of the reaction resulted from the following two 
existing conditions: (a) Misalignment of the center
line of the bearing stiffener with the centerline of 
bearing assembly during construction of the struc
ture (b) The transverse separation of the bottom 
flange of the girder from the top plate of the bear
ing due to a seized bearing pin in the bearing 
assembly. 

The misalignment of the bearing was apparently 
the result of the substructure being built out of 
alignment and/or incorrect fabrication of the curved 
girders. It was noted that some of the bearing 
shoes (see Figs. 3 and 4) were not bolted to the 
bottom flange as specified in the plans, but were 
welded to the bottom flange in the field. 

The seized bearing pin forced the girder to bend 
in order to accommodate the thermal movement and ro
tation. This additional bending pulled the bottom 
flange and top bearing shoe apart and resulted in 
the eccentricity of reaction between the effected 
area of the bearing shoe and the bearing stiffener. 

The eccentric position of the bearing shifted 
part of the load from the bearing stiffener to the 
web behind the stiffener and can cause the web to 
buckle. It should be kept in mind that since the 
reactions are very large, a small eccentricity of 
the reaction from the bearing will result in a very 
high stress on the end of the web plates. 

Separation Between Bottom Flange and B~arings 

The separation of the bottom flange from the top 
bearing plate occurred at locations where the bearing 
pin seized and ceased to rotate. It appears from 
the unscraped painted surface on the pin that many of 
the bearing pins have never functioned properly. This 
painted surface referred to is between the center 
support plates of the top and the bottom bearing 
shoes on the bearing pin. Since these support plates 
are in contact with the painted surface on the pin, 
any movement of the bearing will scrape paint from 
the pin. 

At several locations, separation between the 
bottom flange and the bearing shoe along the outside 
edge of the flange was observed. In some cases, this 
longitudinal separation was associated with the bro
ken connecting bolts. These bolts held the bottom 
flange to the bearing shoe. The cause for this type 
of separation seems to be due to the moment at the 
floor beam connection which has a tendency to push 
the bottom of the girder outwards and the additional 
bending of the girder from the seized bearing pin as 
discussed previously. The twist of the bottom flange 
induced a tension force in the bolt. This is a ten
sile fatigue loading. After enough cycles, fatigue 
cracks in the bolt will result. 

Field Tests 

It had been reported from visual field inspection 
that most of the expansion bearings were seized. In 
order to verify the visual observation, field tests 
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were planned and carried out by the Research Team 
of the Department of Transportation. State of Illi
nois, from December, 1973 through February. 1974. 

Two sets of measuring devices were developed and 
installed at six different locations (Fig. 6). One 
measuring device consisted of two steel bars attached 
to the top and the bottom shoes of the pin supported 
type bearing assemblies r.n m~Rsure the rotation. 
Another measuring device consisted of a scale fast
ened co the bottom flange of the girder and a point 
indicator atta~hed to the substructure to measure 
the relative movement. Test readings indicated no 
movement on half of the bearings tested. and less 
movement than expected on the other half. 

The seized bearings at the east abutment of ramp 
B were removed and replaced with elastomeric bearings 
reinforced by steel laminae (see Fig. 7). These 
elastomeric bearings were set tangent to the radius 
at the center line of the bearing. An instrument was 
installed on the bottom of the girder flange to mea
sure the thermal movement of the girder, Theoreti
cally, the thermal movement of a curved girder is 
along the chord line between the fixed bearing and 
the expansion bearing. The measured direction of the 
movement at the east abutmegt of aamp B for the tgm
perature differential of 28 C(SO F) was about 4 
shown on Fig, 8. The angle between the tangent at 
center line of bearing and the chord line through the 
fixed bearing is about 1° 30 1 according to plan 
dimensions. The measure angle was approximately 2.7 
times the theoretical angle. The discrepancy may be 
due to the following reasons: 

1. The rotation of the end floor beam pushed the 
girder outward. 

2. The distortion of the structure by restrain
ing force developed within the system of steel bear- . 
ings used. 

3. The substructure was built out of alignment 
and/or incorrect fabrication of the curved girder. 

This field test supported the visual observation 
reported by the Inspection Team that a majority of 
the expansion bearings were seized . The seized bear
ing pin forced the girder to bend in order to accom
modate the expansion and rotation. The bending of 
the girder had contributed to the separation between 
the bottom flange and the top bearing place. The 
separation created an eccentric load on the bearing 
stiffeners. A small eccentricity of the reaction 
from the bearing results in a very large stress on 
the end of the web plate. When this stress is larger 
t han the critical stress of the web place, the web 
will buckle. 

A second field test was planned and performed by 
Professor John Fisher in the Summer of 1975. The 
purpose of the test was to ascertain what caused the 
web cracking. 

Strain gauges were installed on the web at the 
pre-selected locations for strain measurement. The 
complete results were presented in Professor Fisher's 
Report (l). 

Following 11:1 a discussion relative to the test 
results: 

At the End Floor Beams 

Most of the end floor beams are set near the top 
of the girder and are rigidly connected to a vertical 
connecting place. This plate was welded to the top 
flange and the web of the girder, but had a tight fit 
at the bottom flange. Thi• plate is located 18 cm. 
(7 inches) from the centerline of the end bearing 
stiffeners. The connecting plate was clipped 25x25 
mm. (lxl inches) top and bottom a t the i nside corners 

to clear the web-to-flange weld. The gap between the 
clipped edge of the plate and the web-to-flange weld 
was created in the web. See Fig ." 5. 

Two strain gauges were installed in t he lower gap 
region at the northwest bearing of pier 26, ramp C, 
identif ied as C-26NW. See Fig. 9. Gauge readings 
indicated very little out-of-plane movement of the 
weu al Lhi1:1 location. !his was due to the t act that 
the gap in the web ia very smal l, about 2.5 mm (O.l 
in.), and the tight fi t j oint may provide enough 
friction to reduce the movement . No web cracking was 
observed. 

A few of the end floor beams are connected to the 
bearing stiffeners. The bearing stiffeners had a 
tight fit end at the top and mill-to-bear end at the 
bottom. Four strain gauges were installed, two at 
the top and two at the bottom at location B-27 NW, 
See Fig. 10 and Fig. 11. It was found while install
ing the strain gauges that the tight fit end of the 
bearing stiffeners had a larger gap between stiffen
ers and the top flange than was anticipated. The top 
gauge readings, shown in Fig. 12, clearly indicated 
that the web was pushed out-of-plane by the rotation 
of the end floor beam. The stress in the web as com
puted from strain gauge readings is shown in Fig; 13. 
The web is subject to this high stress every ti1111a 
there is a live load on t he floor beam, After many 
occurrences, web cracking due to fatigue is inevit
able and a crack was observed. The mea11urement at 
the bottom indicated that the stress in the web was 
smaller. See Figs. 14 and 15. 

Interior Floor Beam - Positive Moment Regions 

The interior floor beams in positive moment re
gions were connected to the girders in the same man
ner as discussed above except the top of the floor 
beam is set near the mid-depth of the girder. In 
addition, a stiffener was welded to the outside web 
and the stiffener was undercut by 16 mm (5/8") at the 
tension flange. 

Strain gauges were installed at location 
B-27FBI-W, the first interior floo r beam west of pier 
27, ramp B, See Fig. 16. Some of t he gauge readings 
are shown in Fig. 17, others are shown. i n Fig, 12. 
There was very little movement in the web a t this 
location. This is due to the inability of the flange 
to resist lateral movement because of lack of tor
sional s tiffness, thereby relieving substantially the 
strain which might be introduced in the web gap. No 
crack was observed. None will likely develop in 
the f uture, 

Interior Floor Beams - Negative Moment Regions 

The connecting plates in the negative moment re
gion were welded to the bottom flange and had a tight 
fit at the top. Web cracks at the top were observed 
at several locations. The strain gauges installed 
at location B-26FBI-W (see Fig, 18), showed some 
movement in the web. The stress in the web induced 
by the movement is shown in Fig. 19. The stress is 
less than the fatigue limit of category C, However, 
since web cracking at the upper end of the connecting 
plate was observed on the inside face of the web, it 
was apparent that the large web bending stress, which 
was even larger than measured by strain gauge, had 
been present at some time. 

It is interesting to note that two types of de
formations at the web gap region are possible. One 
is translation which creates double curvature bend
ing; the other. single curvature bending as shown in 
Figure 20. This vari ance i s not clearly understood 
from the limited test data. A tentative explanation 
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may be: 

1. When the floor b•am is set close to the web 
gap region, the connection plate becomes very stiff 
and could not be bent due to the shorter distance 
between the floor beam connection and the web gap. 
Hence, the translation type deformation results, 

2. When the floor beam is set at some distance 
away from the web gap region, the bending of the con
nection plate is possible. 

However, it can be concluded that the out-of
plane movement of the web was the only cause produc
ing the web crack. 

LABORATORY TESTS 

Laboratory test were carried out by the Research 
Team of the Illinois State Department of Transporta
tion in order to determine the cause of the bearing 
seizure. A pilot test was made on a one-third size 
model. Loads were applied in increments up to a 
maximum load which produced a unit bearing pressure 
of 228 Mpa (33 Ksi) on the contact surf ace of the 
bearing pin. Examination of the pin after testing 
had revealed evidence of galling on both the pin and 
the saddle as shown in Figs. 21 and 22. The galling 
had produced a build-up of hard, solid material which 
could lock the pin to the saddle. 

A series of four tests were performed under the 
same loading pressure, 70 Mpa (10 Ksi), and the same 
2000 cycles of movement. The bearing pins were made 
of the same material with different surface treat
ments. 

A mild steel pin without surface treatment was 
tested first. Galling appeared on the surface of the 
pin as shown in Fig. 23, specimen T-1. A second 
specimen was of the same mild steel pin but was case 
hardened. The amount of wear experienced was not 
significant as can been seen in Fig. 23, specimen T-2. 
A third specimen was of a mild steel pin with no sur
face treatment but lubricated with a heavy dYty 
grease. Galling to some extent was evident as shown 
in Fig. 23, specimen T-3. The last specimen was a 
case hardened pin with a dry film lubricant. The re
sult of this test showed little benefit in the use of 
dry lubricant. See Fig. 23, specimen T-4. 

It was interesting to learn that the coefficient 
of friction for specimen T-1, T-2 and T-4 increased 
with increases in the number of cycles of movement 
and gradually tapered off after 200 to 300 cycles. 
However, the coefficient of friction for specimen T-3 
which had the heavy grease lubricant was constant 
throughout the test and· about one-half of the value 
obtained for pins without grease lubricant. See Figs. 
24 and 25. 

A conclusion can be drawn from these tests that 
use of the pin with a case hardened surface and 
lubricated with a heavy duty grease would be highly 
beneficial as a means of improving the behavior and 
life expectancy of a pin supported bearing, 

Two steel bearings were removed from the east 
abutment of ramp B as mentioned before. These bear
ings were cut open to inspect the contact surface of 
the pin and the saddles. See Figs. 26, 27 and 28. A 
layer of highly compacted rust was found on the con
tact surf aces of the pin and the saddles. After 
approximately 95 percent of the rust material was re
moved by a rust solvent, the contact surface of the 
pin was inspected again and the visual inspection 
did not reveal any severe sign of galling as observed 
on the laboratory specimens. The absence of galling 
indicates that the formation of compacted rust was 
probably the primary factor contributing to the 
seizure of the bearings. 
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REPAIR 

The repair plans were prepared in late 1974, and 
the contract was let in early 1975. The corrective 
measures were developed based on our initial study. 
The method of repair was to stiffen the ends of the 
girders so as to carry the secondary stresses in
duced from the out-of-plane movement of the web or 
from the eccentric reaction. 

Web Cracking 

The web cracks were due to the out-of-plane move
ment of the web. The method of repair was to stop 
the movement or to minimize the damage. The repair 
procedure was as follows: 

At Grider End. 

a. Drill a 13 111111. (1/2") hole in the web at the 
end of the crack. 

b. Clean and prepare the edge of the crack for 
a full penetration butt weld. 

c. Weld the connecting plate to the bottom 
flange by continuous fillet weld. 

d, Weld a new plate 203xl3 mm. (8"xl/2 11
) on the 

outside face of the girder opposite to the inside 
connecting plate as shown in Fig, 29. 

At Negative Moment Regions. 

The web cracks at the top of the web in the nega
tive moment regions were repaired by a different 
technique. Due to the stress range in the tension 
flanges, to weld the connecting plate to the flange 
would create a fatigue problem in the flanges. The 
repair was done as follows: 

a. If there was no crack in the web, a 13 nun. 
(1/2") hole was drilled just below the web-to-flange 
weld at 102 nun. (4") on each side of the connection 
plate and a 13 mm. (1/2 11

) hole was also drilled on 
each side of the top end of the connecting plate. 

b. If there were cracks in the web, 13 nun, 
(1/2") holes were drilled at each end of the cracks. 
See Fig. 30 

Web Buckling 

It was concluded that the buckling of the web at 
the girder end was due to the eccentric reaction 
created by the seized bearing pin. The repair pro
cedure was: 

a. Split the girder web a few inches above the 
buckled web. 

b. Place clamping plates on both sides of the 
web. 

c. Apply force on the clamping plates to 
straighten the web. 

d. The cut portion, then, shall be welded to-
gether. 

e. After the web is straightened, weld a 
stiffening plate on each side of the web as shown 
in Fig. 31. 

Frozen Bearing Pin 

Most of the expansion bearings at the girder end 
were seized. This resulted in the separation between 
the bottom flange and the top bearing plate, there
fore causing the web to buckle. In order to provide 
uniform bearing area and to allow freedom of thermal 
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movement, bearings at the girder ends were replaced 
with elastomeric bearings aa shown in Fig, 7. Steel 
bolsters were provided to make up the difference in 
height between the elastomeric bearing and the ori
ginal bearing. 

RECOMMENDATION FOR PUTtnU!: D!SIGN 

To prevent similar problems from developing in 
future designs, the following are recommended: 

1. The connection plates for the floor beams or 
the cross frames shall be welded to both flanges. In 
this case, the stress range in the tension flange 
shall be limited to the category C fatigue allowable 
range. An alternate is to provide a sufficient gap 
between the end of the connection plate and the inne r 
face of the tension flanges. A large gap can pro
vide the web a "breathing" room and then a higher 
stress will not be introduced in the web, Stiffeners 
should not run the full depth of the web on the 
opposite side of the connection plate if this plate 
is cut short. See Fig. 32. 

2. When pin supported type bearings are used, 
double bearing stiffeners shall be detailed to pre
vent the end of the web from buckling if the bearing 
is misaligned or seized. The surface of the bearing 
pin shall be treated for case hardening. Grease 
inserts shall be also provided and the pin shall be 
lubricated upon installation and st regular intervals 
thereafter in order to reduce the friction and extend 
the life expectancy of the pin. · 

SUMMARY AND CONCLUSION 

The most important conclusion of the study re
ported here is that the web cracks at the gap between 
the end of the floor beam connection plates and the 
girder flanges are all fatigue related. The crack
ing has resulted from cyclic web bending stresses in 
the gap region. Field tests confirmed that the ro
ta t i on of the flo or beam which was r i gidly connected 
to the main girde r pus hed the web out- of- plane. 
Since the connec t ion plate with the strong axis per
pendicular to the web acts like a rig~d bar , t he 
out- of- plane movement is fo r ced into t he web gap 
be tween che end of the connec t ion plate and the gi r
de r flanges due t o the l ack of r es i stance to this 
movement in this gap region. The severity of this 
movement is greater at the places where the flanges 
are restrained from movement. In the middle of the 
span, the inability of the flange to resist the 
lateral movemen t r elieves substantially the strain 
which migh t o therwise be introduced in the web gap. 

In addition to the above, the study also yielded 
the following conclusions: 

1. The seizure of the pin supported bearing was 
related to the presence of packed rust between the 
contact surfaces of the pin and the supporting 
saddles. 

2. The seized bearing pin forced the sirder to 
bend in order to accommodate the thermal movement 
and rotation. The bending of the girder lifted the 
bottom flange up from the bearing shoe, and shifted 
the reaction from the bearing shoe to behind the 
bearing stiffeners, therefore causing the web to 
buckle. 
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Report on Investigation of the Girder Web 
Cracking at Floor Beam Connection Plates of 
the Poplar Street Complex -- By John W. 
Fisher, October, 1975. 

Figure 1. Vicinity map. 

Figure 2. Web cracking. 

Figure 3. Web buckling. 



Figure 4. Separation between bottom 
flange and bearing shoe. 

Figure 6. Instrumentation at seized 
bearing. 

Figure 7. Elastomeric bearing. 

Figure 9. Strain gages at Pier C-26NW. 

Figure 5. End floor beam connection. 
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Figure 8. Thermal movement at elastomeric 
bearing. 

Figure 10. Strain gages at gap near 
top flange at Pier B-27 NW 
inside face. 
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Figure 11. Strain gages near bottom 
flange gap at Pier B-27 NW. 
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Figure 12. Typical strain response at B-27 NW, 
B-27 FBI-W. 
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Figure 13. Stress gradient at top gap B-2.7 NW. 
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Figure 14. Typical strain response at 
B-27 NW, C-26 NW, 
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Figure 15. Stress gradient at bottom gap B-27 NW. 
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Figure 16. Strain gages near bottom 
flange gap at floor beam B-27 FBI-W. 
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Figure 17. Typical strain response at 
B-27 tlW, B-27 FBI-W. 
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Figure 18. Strain gages near web gap 
at interior floorbeam B-26 FBI-W. 
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Figure 19. Stress gradient at interior floorbeam 
B-26 FBI-W. 
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Figure 20. Possible 
movement at gap 
region . 

Figure 21. Galling on the surface of the 
bearing pin (1/3 size model). 

Figure 22. Galling on the supporting saddle 
(1/3 size model). 
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Figure 23. Specimens after cvclic test. 
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Figure 24. Coefficient of friction of dry, mild and 
case hardened pins. 
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Figure 25. Coefficient of friction of lubricated, 
mild and case hardened pins. 
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Figure 26. Pin from removed bearing assem
bly of E. Abut., Ramp B. 

Figure 27. Saddle from removed bearing 
assembly of E. Abut. , Ramp B. 



Figure 28. Saddle from removed bearing assembl y 
of E. Abut., Ramp B. 

Figure 29. Repair of cracked webs. 

Figure 30. Location of drilled 
holes to arrest crack. 
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Figure 31. Repair of buckled webs. 
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Figure 32. Suggestions for future designs. 
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FATIGUE CRACKS OF DEEP THIN-WALLED PLATE GIRDERS 

Yukio Maeda, Osaka University, Japan 

Recently in Japan, fatigue cracks have been ob
served in bridges, cranes and tanks. Generally, 
there is a possibility of two types of fatigue 
cracks inherent in thin-walled plate girders. 
A crack which is initiated at the toe of fillet 
welds of compression flange-to-web, is called 
Type-! crack. Then, a crack at the toe of 
fillet welds of vertical stiffener-to-web, is 
called Type-2 crack. Type-1 and -2 cracks are 
governing ones in homogeneous and hybrid plate 
girders, respectively. For the fatigue design 
of deep thin-walled stiffened plate girders of 
bridges, the paper presents an extensive study on 
fatigue strength based on observations at the 
tests of initiation and propagation of the above 
-mentioned two fatigue cracks. The outline of 
girder tests and of coupon-type model tests for 
Type-2 cracks, and then the outline of girder 
tests and of plate-type and bar-type model tests 
for Type-1 cracks, are described and the results 
are discussed. The mechanism of initiation of 
Type-1 cracks at the bar-type model tests is 
discussed from the point of fracture mechanics 
in connection with unavoidable inherent initial 
defects due to welding or fabrication. Although 
the application of the test results to design is 
discussed, the problem of Type-1 cracks is a 
matter of structural details subjected to dis
placement-induced secondary bending stress 
ranges, and the need of further studies is 
stated. 

As pointed out by Yen (1, 2, 3), Stallmeyer (4), 
Toprac (5), and the author (6,-p.-287, 7, p. IIIAZ.2), 
there is-a possibility of the initiation and propa
gation of three types ot inherent fatigue cracks, as 
seen in Figure 1, at beams or girders subjected to 
repeated bending. Type-3 cracks are the most ordi
nary cracks in a tension flange of any kind of beams 
or girders. On the other hand, Type-1 cracks which 
occur at toes on the web side of fillet welds to 
connect a compression flange to the web, are due to 
the out-of-plane repeated movement of unavoidable 
initial deflections under repeated in-plane bending, 
and are the most governing crack at homogeneous thin 
-walled stiffened girders. Then, Type-2 cracks 
which occur at toes on the web side of fillet welds 
to connect a vertical stiffener to the web, will 
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propagate into a tension flange across the web, and 
are the most critical one at hybrid thin-walled 
girders. 

Figure 1. Pattern of fatigue cracks of thin-walled 
plate girder under repeated bendina. 

Type l crack 

! / Type 2 crack " 

I . 
~ 

Type ) crack 

At the present paper, Type-1 and -2 cracks are 
dealt with, because they are particular to deep 
thin-walled plate girders. First of all, the fa
tigue strength against Type-2 cracks is discussed 
based on girder tests and model specimen tests. 
Then, the fatigue strength against Type-1 cracks is 
investigated on the basis of two kinds of model 
tests together with the results of the author's pre
vious girder tests. Moreover, a matter of struc
tural details subjected to displacement-induced 
secondary bending stress ranges is discussed for the 
design of plate girders against Type-1 cracks. 

Type-2 Crack 

Girder Tests 

At the fatigue tests of hybrid girders hy Toprac 
(9), Type-1 cracks were observed. He suggested that 
it would be effective to use horizontal stiffeners 
and or limit the web slenderness ratio less than 200 
for the prevention of Type-1 cracks. However, all 
of the test girders by the author(lO) failed due to 
Type-2 cracks. Type-1 and -3 were-also observed, 
but not critical cracks to cause the failure of the 
girders. Table 1 shows the results of the fatigue 
tests of six large-sized stiffened hybrid girders 



Table 1. Parameters and test results of hybrid girders . 

Web Loagi. Stiff. Tens. Flg . Tens. Flg. 
Sleadernus Rigidity Max. Stress 

Test Aspect Ratio Ratio Stress Range 
Girder Ratio s y/y* (MPs) (MPs) 

84-Ll l 266 207 
413 

84-L7 286 226 

83-Ll l 251 115 
l.O 310 

B3-L6 6 356 207 

82-LO oa 308 172 
206 

82-L5 5 289 158 

Note: l MPa • 145 lbf/in. 2 

aNo Longitudinal Stiffener. bMax. Stress Increased up to 344 MPa 

carried out by the author (10). 
The girders were fabric"ited of HT80 steel in a 

tension flange, SM58 steel in a compression flange 
and SS41 steel in a web. HT80, SM58 and SS41 are 
respectively, a quenched and tempered high-yield high 
-strength steel, an ordinary high-strength steel and 
an ordinary mild steel, and have respectively such 
mechanical properties as min. yielding point and min. 
tensile strength as 686.0 MP a (99.5 kipf/in.2), 784.0 
MPa (113 .8 kipf/in.2); 450 .8 MPa (65.4 kipf/in.2), 
568.4 MPa (82.5 kipf/in.2 ) ; 235.2 MPa (34.1 kipf/in.2), 
401.8 MPa (58.3 kipf/in.2 ) . Table 1 summarizes the 
values of parameters to evaluate the test results, 
those are, web slenderness ratio, relative rigidity 
ratio of horizontal stiffeners, tensile stress range 
and min. to max. stress ratio. 

The regression analysis of the test results on 
the initiation of Type-2 cracks carried out by the 
author (10) and Toprac (5), gives the fatigue 
strength"'S'"a t 2 x 106 cycles of 126.4 MPa (18.3 kipf/ 
in.2) in t he mean value and of 104 . 9 MPa (15.2 kipf/ 
in.2) i n 95 % confidence l imit, both in stress range. 
Those are 25 % higher than the allowable stress range 
of 82.3 MPa (11.9 kipf/in.2) in Stress Category C 
at the AASHTO Specifications (17). 

The fatigue strength against Type-2 cracks can 
be compared to that of a transverse non-load-carrying 
fillet welded j oint (11, 12) . Figure 2 shows S-N 
curves of the results-Of tests carried out by other 
investigators on the joint in three kinds of high
strength steels, and of the results of the author's 
girder tests (10). S-N curves obtained by the former 
tests do not significantly differ from each other in 
the grade of steel. Because the scattering of meas
ured values is unavoidable and the difference of 
stress ratio exists. Moreover, S-N curves of the 
model specimen tests agree well with S-N curve of the 
tests of girders with a web in SS41, within the range 
of fatigue strength of about 100 to 130 Mpa (14.5 to 
18.9 kipf/in.2), Consequently, a web in ordinary 
mild steel is the most economical for Type-2 cracks. 

Model Test of Type-2 Crack 

The girder tests described above were not suffi
cient in numbers to warrant the fatigue strength. 
Also, the model tests (14) referred to did not 
exactly simulate the behavior of hybrid plate girders, 
because the tests were done regardless of a possible 
maximum strain in the corresponding web. Then, fa
tigue tests were carried out on axially loaded trans
verse non-load-carrying fillet welded joints under 
strain control. 

Stress Type of Crack, 
Hade 

Ratio No.(xlO ' ) of Cycles 
Fatigue of 

R Type Type 2 Type Life(xlO') Failure 

0.221 46 . 5 34 . l 67.0 Type 

0.209 24.3 26.0 Type 

0 . 543 218.0b 218.0 224.0 Type 

0.402 28.0 33.5 Type 

0.439 104 .0 116 . 0 Type 

0 . 456 116 . 6 123.5 Type 

after 2x106 Cycles. 

Figure 2. S-N curves for Type-2 crack. 
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Figure 3. Details of as-welded specimen. 
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Outline of Tests. As shown in Figure 3, the 
specimens were intended for simulating the boxing 
part of transverse stiffener-to-web fillet welds in 
hybrid girders. They were axially loaded under strain 
control by fixing the out-put of strain gages on the 
specimen to the maximum strain of 1700 x lo-6, which 
corresponded to the design working strain of 784.0 
MPa (113.B kipf/in.2) grade high-strength steel in a 
tension flange of girders. 

Figure 5. S-N curves for transverse non-load 
-carrying fillet welded joint. 

The specimens were made up of SS41 steel with the 
specified tensile strength of 401.B MPa (58.3 kipf/in.2), ~ 
The tests were divided into two series of as-welded 
specimens and of specimens lightly ground at the toe 
of fillet welds to examine the effect of finishing. 
Such tests were able to simulate the behavior proper 
to a hybrid girder. Because its web reached a kind 
of strain-controlled state, after the start of its 
yielding, due to restraining given by the elastic 
frame action of the tension flange. 

Test Results. S-N diagrams in Figure 4 show the 
test results in terms of stress range equivalent to 
strain range at the number of cycles to failure, 
neglecting the effect of stress ratios. The fatigue 
strengths of as-welded specimens and of lightly 
-ground specimens at 2 x 106 cycles can be estimated 
respectively at 93.1 MPa (13.5 kipf/in.2) and 120.9 
MPa (14.9 kipf/in.2) as the mean value of stress 
ranges. The effect of finishing on the fatigue 
strength is not so remarkable at the present tests. 
Because the grind operation was not fully performed 
and consequently some fine notches were not removed. 

Figure 4. Fatigue test results. 
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Discussions. 

1. Figure 5 shows a comparison of the present 
test results with the previous fatigue test data on 
model specimens, under load-controlling, with the 
same configuration as the present test specimens. 
Gurney et al. (13, p. 35) gave the latter data as the 
result of reanalysis of numerous tests. Since the 
present test results agree well with S-N curves re
analized by Gurney et al., there is no significant 
difference between load-controlling and strain-con
trolling. 

2. Figure 6 shows another comparison of the 
present test results for the as-welded specimens in 
SS41 steel with test results in other steels (15). 
In Figure 6, SM58 and HT80 are high-strength steels 
with the specified min. tensile strength of 568.4 MPa 

"' 0 

10' 10' 

NUMllER or CYCLES TO FAILURE 

Note: l MPa = 145 lbf/in.2 

Figure 6. S-N curves for transverse non-load 
-carrying fillet welded joint in SS41, SM58 and HT80. 

300 
0 1941 (Strain-Controlled) 

• ~ 200 

,_ t:J. SH,8 } 
(Load-Cont.rolled) 

A HT80 .. 
" ~ 

~ 
"' 100 

I I 1111 11 50U...L.UU-~-'---' ......................... ._~...._ ............ .L..l...L.L.U....~-'-~ 
10' 10' 10 1 

NUllll!l or C"ICL!S to PAlLUlll 

Note: 1 MPa • 145 lbf/in.2 

(82.5 kipf/in.2) and 784.0 MPa (113.B kipf/in.2), 
respectively. Those specimens were provided with 
the same configuration as the present test speci
mens, but their test loads were controlled not by 
strains, but by loads from zero to tension. Since 
any significant difference among such results cannot 
be observed, the fatigue strength of such a welded 
joint with a large notch effect is almost identical 
one another, regardless of steel grade, stress ratio 
and again loading method. 

3. Finally, Figure 7 shows the relation between 
girder tests (8, 10) and some model tests. 
The model tests results consist of the results of 



.. the present tests and the previous ones in Japan (14. 
16) on steel plates with a transverse fillet welde~ 
attachment without boxing parts. The present test 
results under relatively severe loading conditions, 
can be compared well with lower 95 % confidence limit 
line of all the quoted results except the present re
sults. This implies that the present test results 
give conservative fatigue lives for Type-2 cracks in 
hybrid girders. Also, Figure 6 shows that the allow
able fatigue stresses for Stress Category C specified 
at the AASHTO Specifications (.!l, p. 87), 1974, are 
reasonable for Type-2 cracks in hybrid girders. 

Figure 7. Comparison of fatigue strength in girder 
tests with model specimen tests for Type-2 cracks. 
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At the Colloquium of IABSE on "Design of Plate 
and Box Girders for Ultimate Strengt~' in 1971, the 
author published a paper (~). In this paper, the 
author discussed on the results of flexural fatigue 
tests of six large-sized welded homogeneous plate 
girders subjected to repeated bending. The follow
ing facts were pointed out: 

1. The maximum initial web deflections of 0.3 
to 1.6 times the web thickness influenced greatly 
on the initiation of Type-1 cracks due to secondary 
bending moment, as seen in Figure 8, caused by 
lateral web movement under cyclic in-plane loading . 
Moreover, Type-1 cracks were observed in the case of 
transversely-stiffened plate girders with a web 
slenderness ratio larger than 200. 

2. The test showed that it would be possible to 
prevent Type-1 cracks by providing with longitudinal 
stiffeners and also a smaller web aspect ratio. Ri
gidities of longitudinal stiffeners of the test 
girders were selected to 3.83 to 5.30 in terms of 
the relative flexural rigidity ratio. With a greater 
rigidity of longitudinal stiffeners, a larger ulti
mate strength could be achieved and an effective 
control against Type-! crack could be expected. 

3. In conclusion, the initiation and propaga
tion of Type-1 cracks are influenced by web slender
ness ratio, web aspect ratio, initial web deflections 
and if longitudinal stiffeners are provided with, 
their rigidity. 
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Figure 8. Initiation of Type-1 cracks and secondary 
bending at web boundary. 
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These girder tests, however, did not give suf
ficient informations of fatigue strength in the mo
ment of initiation of the crack. Even a model spe
cimen test to simulate the initiation and propa
gation of Type-1 cracks has hardly been reported, be
cause of the complicated condition of cracking, ex
cept the values given by girder tests at Lehigh Uni
versity. The author carried out two kinds of model 
specimen tests to obtain the fatigue strength against 
Type-1 cracks. The first plate-type test was intend
ed for the investigation of initiation and propa
gation of cracks on a web surface along the toe line 
of fillet welds parallel to girder length. The 
second bar-type test which is still in progress, is 
to study on the initiation of cracks propagated 
through the web thickness. 

Plate-Type Specimen Tests (!!!_) 

Fatigue tests of two kinds of plate-type speci
mens in SS41 steel were carried out, as seen in 
Figure 9, to simulate the fatigue of a web panel en
closed by a compression flange and a horizontal 
stiffener of a stiffened plate girder. The section 
of plate specimens was T-shape or I-shape, respec
tively modelling a less rigid ho.rizontal stiffener 
or a greatly rigid stiffener. Because at the former 
specimen, a plate was hinged at the end of web of 

Figure 9. Plate-type fatigue test specimens. 

500 

p 180 
Web 
--.:=-=--

T-section Specimen 

500 

p 250 
Web 

--:=::=::.--

Unii: (DID) 

I-section Specimen 

Note: 1 mm • 0.039 in. 



124 

Figure 10. Propagation of Type-1 crack. 
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T-section and fixed to the flange at the other end, 
while at the latter specimen, a web plate of I-sec
tion is fixed to the both flanges. Deflections of 
the specimens under an applie~ concentrated load 
simulated the web deflections of an actual plate 
girder. Figure 10 illustrates the initiation and 
propagation of a fatigue crack observed at a T-sec
tion. 

Figure 11 shows the test results in terms of the 
number of cycles at the crack initiation estimated 
from crack discovery and of the local strain range 
at the toe of fillet welds estimated by combined 
finite element analysis and strain measurement . The 
possibility of about 30 % increase of fatigue strength 
is expected by machine-finishing at the toe. The 
regression analysis shows that the fatigue strength 
at 2 x 106 cycles of the fillet weld is 814 x lo-6 

Figure 11. Test results Jor Type-1 cracks at Osaka 
University and Lehigh University. 
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i n strain range o r 178.4 MPa (25.9 ki pf / i n.2) in 
s tress range. Ava i lable values f rom t he fatigue test 
o f large-sized plate girders conducted by Yen and 
t he n mod i fied by Ostapenko at Lehigh Un i versity (19, 
p. 49) are also gi ven i n Figure 11. There is con= 
s i derable scattering among the t est vakues t o be 
a·ctri bu t ed to i nherent inevi t able f i ne de fects at 
the toe surface of fillet welds. 

Bar-Type Specimen Tests 

To inve s tigate the mechanism of initiation of 
Type-1 crac ks in the direction of web thickness, a 
series of fatigue tests for specimens of a Tee type 
fillet welded joint, as seen in Figure 12, was 
carried out. At the test, the steel of the specimens 
was 22 mm (0.866 in.) thick in SS41 of the yielding 

Figure 12 . Profile of Bar-Type specimen. 

Web 

point of 235.2 MPa (34.1 kipf/in.2) and the tensile 
strength of 401.8 MPa (58.3 kipf/in.2). A repeated 
lnad was applied to the web plate of T-joint with 
300 cycles per minute,so as to simulate the back and 
forth movement of the web plate due to its initial 
deflections of an original plate girder. 

As expected, a crack was initiated at either toe 
of fillet welds and propagated in the direction of 
the web thickness. The speed of propagation was 
measured with crack gauges spaced by 0.2 mm (0.008 
in.). Furthennore, to examine how the fatigue 
strength against Type-1 cracks could be increased by 
finishing the surface of toes of fillet welds, 
B-series test, in addition to A-series test of as 
-welded specimens, was conducted with the test spe-



. .. cimens of Tee type joint, in which the toes were fin
ished with a circle radius of 2.0 mm (0.08 in.). 
Applied nominal stress ranges in a web section are 
shown in Table 2. 

Table 2. Applied nominal stress ranges (Mpa) . 

Specimen A-1 A-2 A-3 A-4 B-1 B-2 B-3 B-4 B-5 

Stress 297 
Range 

238 199 189 309 268 284 270 252 

Note: 1 MPa • 145 kipf/in.2 

It was quite difficult to paste strain gauges on 
the toe of a fillet weld because of sudden sectional 
change at the toe. Then, in addition to strain gauges 
pasted on the web surface of the Tee section at the 
loading point, strain gauges were pasted on the web 
surface at a distance of 10 IDlll (0.4 in.) from the 
edge of the toe. Strains at the toe edge were esti
mated from the measured values of strains at those 
two points. 

Figure 13. Strain range versus number of cycles. 

3000i---~t---t---t-1f--~t-~+--1--t--l---~J____J 

2500 t--~+:>...+-l-+-~-:..-:-=:-':::=1--L-L~----l.~____J 

e - SS-41 
(as-weld) 

O - - SS-41 
500 (finished) ~~--t-~t-if-1~~-1-~-J 

400~~"7"-:-............. ~~L....~.1.-....L.LJ'--~L__J 
2 4 6 10 20 40 60 100 200 400 

NUMBER OF CYCLES 

Test Results . Figure 13 shows the test results 
of fatigue lives expressed in terms of strain range 
versus number of cycles. Two lines are obtained by 
the regression analysis of strains observed at the 
time when a crack propagated over approximately 11 
mm (0.433 in.) which was half the web thickness. 
The fatigue strength at 2 x 106 cycles is 168.6 MPa 
(24.5 kipf/in.2) in stress range or 880 µ (micron) 
in strain range for as-welded specimens, and is 
242.1 MPa (35.1 kipf/in.2) or 1260 µ for finished 
specimens. A considerable increase of fatigue 
strength is given by machine-finishing at the toe. 

In Figure 13, strain range versus number of · 
cycles for the plate-type tests obtained in Figure 
11 is also shown. When a girder is subjected to a 
certain strain range at its toe of fillet welds in 
a compression flange-to-web joint, Type-1 crack will 
start in the direction of web thickness with smaller 
numbers of cycles than the ones given by Bar-Type 
tests in Figure 13. Because the curve in Figure 13 
was determined by the propagation to about 11 mm 
(0.43 in.) growth. The growth rate of the crack in 
this direction is l x l0-5 to 2 x lo-4 IDlll/cycle 
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(4 x l0-6 to 8 x lo-6 in./cycle) and is much slower 
than that of the crack in the direction of the toe 
line on the web plate. 

Before the crack penetrates the web thickness, 
it will propagate along the toe line on the web sur
face with the number of cycles on the curve for Bar
type tests. The growth rate of the crack in this 
di:5ction is 6 x lo-4 to 4 x l0-3 nun/cycle (2.4 x 
10 to 1.6 x l0-4 in./cycle) and much faster than 
that in the direction of web thickness . Then, after 
the crack has propagated to a certain length along 
the toe line, it will penetrate into the back side 
of the web. 

Thus, the crack grows three-dimentionally and 
Bar-type fatigue curve and Plate-type fatigue curve 
may not be compared under the same conditions. Fur
t~er study is required. The initiation and propaga
tion to a certain length do not mean the failure of 
the girder. As far as the present available infor
mations are concerned, the fatigue curve of Bar-type 
tests may be considered a design criterion for fa
tigue. Then, the fatigue strength at 2 x 106 cyclea 
may be regarded about 800 µ in strain range and 
about 167 MPa (24 kipf/in.2) in stress range. 

Application of Fracture Mechanics. The stress 
intensity factor, K, for single edge-cracked bending 
in a plate is in general given by 

K cr0 ITia · F (a/ W) (1) 

where cr
0 

3 the extreme flexural fiber stress, a m the 
crack length, W = the plate thickness and F(a/W) • 
the flaw shape parameter. Since the shape of crack 
tip at the toe of a fillet weld is circular and the 
shape at the toe point is peculiar, the stress dis
tribution along the crack interface is so compli
cated that the equation of F(a/W) has not been 
derived for the present specimens. By applying 
stress extrapolation with a finite element method to 
the variation of K value due to the growth of crack 
length a, the following four~-order polynomial equa
tion of F(a/W) can be obtained 

F(a/W) 2.40 - 7.90(a/W) + 30.lO(a/wJ2 

- 54.79 (a/WJ3 + 46.38(a/wJ4, 

0 ~ a/W < 0. 7 . 

Next, if the measured rate of crack growth is 
assumed to be eiq>ressed as a power of the range of 
stress intensity, 6K, as given by Paris (20, p. 70), 
the crack advance per cycle, da/dN, is shown by 

da/dN = C . (6K)m (2) 

where C and m are the material constants in crack 
propagation. By plotting test values of da/ dN and 
calculated values of 6K for arbitrary load range 
on da/dN vertus 6K diagram, C and m are obtained 
as 2.9 x lo-1 and 3.2 , respectively as shown in 
Figure 14. N-equation in Figure 15 shows that the 
integration of da/dN gives the number, N, of cycles 
required for the crack growth from ao to az . 
N-equation is calculated numerically from ao to az 
with 

ao • an unknown initial crack length, 
az • a certain final crack length within 11 mm 

(0.43 in.), and 
N ~ the number of cycles corresponding to a 
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Figure 14. (da/d.RJ - K curve. 
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Flgure 16. Crack propagation curves (as-welded). 
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Figure 17. Crack propagation curves (finished). 
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certain strain or stress range which is given in 
Figure 13. 

Then, the curves of N versus a = ao - az are 
obtained for as-welded specimens A-1 to A-4 and for 
finished specimens B-1 to B-S, respectively in 
Figure 16 and Figure 17. The unknown initial crack 
lengths ao are determined as shown by circles in the 
both figures. Such initial possible cracks are 
idealized initial cracks equivalent to defects like 
slug inclusion, undercut, blow hole, notch, etc. In 
other words, assuming a triger for the initiation of 
cracks to be such a defect due to welding or fabri
cation, the fatigue cracking will be interpreted as 
the propagation of such inherent initial cracks. 
This is the reason why the test specimens were not 
provided intentionally with an initial notch. At 
the application of fracture mechanics, it will be 
the best way to regard various weld defects as equi
valent initial cracks. 

In addition to the test of the rate of crack 
growth, the test to determine the threshold stress 
intensity factor for fatigue crack propagation, 
bJ<th• was also conducted. By reducing a load range 
every crack growth of 0.2 mm (0.008 in.) after a 
crack had started, the values of [!J{th was obtained 
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. . at the time when the crack finally stopped its growth . 
During the propagation of the crack at the test, the 
final value of Mth was 33 kgf·mm-3/2 (9313 lbf •in;3/2) 
for da!dN of 1.2 x lo-6 mm/cycle (0.047 x lo-6 in./ 
cycle)~ as seen in Figure 14, and during the next 
1 x 10 cycles for M • 28 kgf·mm-3/2 (7902 lbf· 
in.-3/2), the crack growth was not observed, and then 
the test was stopped. Therefore~ the value of 6Kth 
may be approximately 30 kgf·mm-312 (8466 lbf·in.-3/2), 
below which the Paris equation cannot be applied to 
any stress range and which will give a limit shown 
as the proportional limit curve in Figures 16 and 17. 

Conclusion. 

1. Fatigue strength of Type-1 cracks at 2 x 106 
cycles will be about 167 MPa (24 kipf/in.2) in stress 
range in the direction of propagation toward the web 
thickness. 

2. Mechanical-finishing at the toe on the web 
side of fillet welds will increase the fatigue 
strength considerably. At the present test, it will 
be about 40 % higher than the fatigue strength of the 
as-welded specimens in nominal stresses. 

3. The application of fracture mechanics will 
be enable to evaluate fatigue qualitatively, so that 
micro initial defects may be evaluated without apply
ing the theory of material science. The application 
of the Paris equation shows that the initial crack 
length equivalent to latent defects will be 0.18 to 
0.41 mm (0.007 to 0.016 in.) for as-welded specimens 
(Figure 16) and 0.0068 to 0.053 mm (0.0003 to 0.002 
in.) for finished specimens (Figure 17). Such esti
mation, however, has to be verified by more precise 
tests. 

4. As stated previously, Type-1 cracks will 
propagate not only in the direction of web thick
ness, but also in the direction of the toe lines. 
Furthermore, a study on three-dimensional crack 
propagation has to be made. 

Application to Design 

1. As discussed above, the fatigue strength 
against the initiation of Type-1 cracks along the 
weld toe line at 2 x 106 cycles is 178.4 MPa (25.9 
kipf/in. 2) and 164.6 MPa (23.9 kipf/in.2), respect
ively in the plate-type tests for as-welded speci
mens and in the girder tests at Lehigh University. 
Also, the fatigue strength against the growth of a 
crack to half the web thickness is 168.6 MPa (24.5 
kipf/in.2) in the bar-type tests for as-welded 
specimens. 

The fatigue strength may be estimated about 167 
to 176 MPa (24 to 26 kipf/in.2), but there are some 
problems to be solved. How much is the fatigue 
strength for different grade of steel other than SS41 
grade steel? Which is the design criterion, the fa
tigue strength for cracks along the weld line on the 
web or that for cracks across the web thickness ? 

2. The initiation of Type-1 crack is caused by 
out-of-plane deflections of a web plate due to ini
tial deflections of the web, and the out-of-plane 
deflections are non-linear with in-plane bending 
stresses in the web. Therefore, the fatigue strength 
alone is not sufficient for a practical design pur
pose. The test results for the plate-type specimens 
are rearranged in Figure 18 in terms of the maximum 
web deflection in a compression sub-panel of the web 
and the fatigue lives. In the figure, the vertical 
axis on the left side shows the non-dimensional ex
pression of the ratio of out-of-plane deflection 
range of the web to the web thickness, Or/tw . The 
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vertical axis on the right side gives the ratio, 
8/h , of Or/tw to the slenderness ratio, B = h/tw , 
where h = the depth of a web sub-panel surrounded by 
a compression flange, a horizontal stiffener and two 
vertical stiffeners. From the diagram, the allowable 
amount of out-of-plane deflection under a live load 
will be determined for a certain web slenderness 
ratio. 

For example, the value of or/h at 2 x 106 cycles 
can be read as 1/325 as the mean value. Then, if 
B = h/tw = SO, the out-of-plane web deflection due 
to live load has to be controlled to about 1/6.S of 
the web thickness. 

3. In Figure 18, the full-line shows mean 
values obtained by the regression analysis of the 
plate-type test values of I-section and of T-section 
except machine-finished specimens. The most outside 
broken lines show the range of two times the stand
ard deviation and can be regarded as the upper and 
lower limits of a scattering band. I-section models 
equivalent to y/y* = 00 of horizontal stiffeners, 
locate near the upper limit of the scattering band, 
compared with the lower values for T-section models 
equivalent to y/y* = 1.0. This fact was confirmed 
at the author's previous girder test. 

Figure 18. Out-of-plane deflection of web and 
fatigue lives of Type-1 crack. 
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4. Massonnet, Skaloud, Maeda, etc. reported 
that horizontal stiffeners with a large value of 
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y /y*, for example 3 to 7 recommended by Massonnet, 
is greatly effective for the increase of ultimate 
strength of a girder. Even if Type-1 crack was ini
tiated, horizontal stiffeners with large rigidity can 
delay its propagation. According to Toprac's test 
(~), Type-1 crack was not observed in girders provi
ded with a horizontal stiffener. Requirement for 
the number of y /y*, however, has not been clarified. 
Figure 19 indicates the effect of web slenderness 
ratio and relative rigidity ratio of horizontal stiff
eners on the number of Type-1 cracks observed at the 
tests at the University of Texas, Lehigh University 
and Osaka University. Type-5 cracks in the figure 
is a crack along a vertical stiffener observed for 
combined bending and shear. 

In general, a horizontal stiffener takes great 
effect on preventing the upper sub-panel of a web 
from the development of greater web deflections, but 
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Figure 19. Web slenderness ratio, 8 , rigidity ratio 
parameter, y/y•, and number of cracks. 
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Figure 19 shows that the initiation of Type-1 crack 
was not observed for y/y• < 1.0 or > 5.0, and also 
for less than 200 of 8 . With the intermediate 
number like y/y• = 3.83 and 8 = 300, Type-1 crack 
was not observed. Since the effect of y/y* has to 
be discussed in relation to aspect ratio, web slender
ness ratio, secondary bending stress at flange - to 
-web connection and horizontal stiffener-to-web con
nection, a further study will be needed. 

5. The author is carrying out an analytical and 
experimental studies to establish the relations 
among the maximum initial deflection, 60 , the out-of 
-plane web movement, Or, the applied in-plane bending 
stress, a and the relative rigidity ratio of hori
zontal stiffeners, y/y* , with the equation 

Summary Conclusion 

Fatigue cracks of Type-1 and Type-2 proper to 
deep thin-walled stiffened plate girders were dis
cussed through a number of tests of girders and 
model specimens. 

When a plate girder either homogeneous or hybrid 
with a web in ordinary mild steel is subjected to 
repeated bending, the initiation and growth of Type 
-1 cracks will be prevented by controlling secondary 
bending stresses at the toe of fillet welds in a 
compression flange below about 167 to 176 MPa (24 to 
26 kipf/in.2). In addition to the stress control 
mechanical-finishing at the toe or the control of' 
initial web deflections will be very useful. 

On the other hand, Type-2 cracks will be pre
vented by reducing web tensile stresses during re
peated bending below about 93 MPa (13.5 kipf/in.2) 
or by finishing at the toe of fillet welds in 
vertical stiffeners. 

As far as Type-1 cracks are concerned, in-plane 
bending stresses of a web are related to secondary 
bending stresses of the web only by initial web 
deflections or out-of-plane movements. A survey of 
actual initial deflections of webs in plate girder 
bridges will be required. 
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ACOUSTIC EMISSION AND FATIGUE CHARACTERISTICS OF TYPICAL BRIDGE STEELS 

Theodore Hopwood and J . H. Havens, Division of Research, Kentucky Department of Transportation 

Acoustic errusston monitoring wos used during tensile tests of 
low-carbon structural steels 10 determine the physical characteristics of 
the acoustic emission phenomena. Results indicate that acoustic 
emissions are caused by micro-plastic deformation processes (i.e., 
dislocation motion). 

A series of axJaJ.fatigue tests was performed an several types of 
structural steels, some of which had extensive service in bridges. There 
was no apparent relation between specimen load histories and 
subsequent performance In faugue tests. Tensile test.s of specimens 
subjected 10 c~tens ve fatigue testing, at messes below the yield strength 
of the material, revealed no major difference In mechanical propert ies 
or acoustlc emission response due to their fatigue histories. 

Further tests revealed that acoustic emission testing In the 
frequency range of I 00-300 kHz has che physical capability of detecting 
cracks on large structural steel members. Thls may prove beneficial for 
the comprehensive nondestructive ei/aluadon of steel bridges. 

Summary 

Most bridges which have failed have succumbed to brittle failures. 
However, fatigue failure of bridges is a constant danger. Bridges are being 
subjected to heavier traffic loads and higher traffic volumes. The increased 
use of welding in bridge construction has also increased the hazard of fatigue 
failures . 

The Division of Research, Kentucky Bureau of Highways, has been 
concerned with the problem of bridge fatigue. The Division of Research 
approached this problem from a statistical viewpoint, attempting to 
determine bridge fatigue lives from traffic loading patterns. However, a need 
existed lo determine the mechanical behavior of bridge steels which had 
seen long service in fatigue environments. Acoustic emission, a new 
nondestructive evaluation tool, showed some potential for providing data 
about the loading history of a material. A study was initiated to investigate 
these subjects. 

Acoustic emissions (AE) are transient elastic waves generated in a 
material subject to external stress. In metals, sensitive electronic 'listening' 
devices must be used detect acoustic emission. A Dunegan Model 3000 
acoustic emission detector was used in this study. 

A series of tensile and comp1csslve tests was performed on mild steel 
and aluminum specimens to determine the physical sources of acoustic 
emission. Steel specimens in both the annealed and cold-rolled states 
produced acoustic activity which was best explained as being caused by 
elements of microplasticity (i.e., dislocation motion). The behavior of 
aluminum tensile and compressive specimens reinforced this view. AE activity 
wu found to be irreversible with increased loading. If a specimen was 
partially loaded and relieved, no emission was detected until the specimen 
was stressed to a higher level. This behavior is termed the Kaiser effect. 

Tensile specimens were prepared from an old eyebar from the C & 
0 bridge at Covington. The eyebar had lain in a storage yard for a year 
since the bridge· had been demolished. Tests revealed that strain aging had 

occurred, preventing AE monitoring from detecting the specimens' loading 
history. 

A series of axial-fatigue tests was inU1a1ed using eyebar specimens and 
five specimens from a special batch of replica steel furnished by Nat onal 
Steel Corporation. Twelve specimens each came from two addilional types 
of structural steels. These steels, probably ASTM A 7, came from rlvited 
bridge members that had suffered faligue failures. 

The focigue tests were performed by Metcut Research Associates of 
Cincinnacl, Ohio, on a Baldwin-Lima·Hamil1on, JV-20 foclgue machine. The 
eyebar and replica specimens were tested at various mess ratios and fractions 
of fatigue lives at chose mess ratios. AS™ A 7 specimens were tested in 
compJetcly reversed loading co failure or runoul which was specified at 12 
x 10 cycles. 

Inspection ~fter the tests were completed revealed that all fractured 
specimens · failed ac 1he iransic lon between the fillet and the gage section. 
Thls did not affect the continuity of test results. There was no appreciable 
difference in the fs1igue bebavior of the eyebar and replica specimens. 

None of the S1eels tested showed any sigriificant loss in mechanical 
properiles. compared co results or fat gue tests of mild steel performed by 
others. The two ASTM A 7 steel specimens had lower ratios of fatigue limits 
to ultunate strengths lhan values obtained by ochers. However. this was 
probably caused by the mess risers at the gage·sccrion fillets. 

Tensile AE tests were conducted on unfatigued specimens and those 
which had survived lhe spcelned fatigue run-out . No maior differences in 
med1anical behavior or AE response were noted. The fatigue specimens had 
undergone main agmg between the time of fatigue te~ting and the subsequent 
tensile tests. 

Several of these specimens were notched and tensue tested to determine 
the behavior of specimens with stress concentrations. Each specimen showed 
high strength and low duc tility. AE activity of notched specimens differed 
from the unnotched ones. The notched specimens showed a slight increase 
in AE rate prior to failure. 

A field test was performed using 3 large I-beam and an AE simulator. 
The sfmulator Induced sound waves 111 the beam similar in frequency content 
and magnitude to AE waves produced by a growing crack. At hJgh signal 
resolutions, the AE detection system could detect these excilations at a 
distance of about 45 feet (14.8 m). This shows the capability of AB testing 
on large struct ural members. 

Scope 

The Division of Research. Kentucky Bureau of Aighways, haJ been 
concerned with the problem of bridge faligue for the past 15 years. Most 
of lhe Division's past research used statistical models based on the nnalysis 
traffic patterns in an attempt to predlci the remaining safe Ufe of bridges 
( 1. 2). The utility of thb type of analy$1s is Umitcd by several facts. Bridges 
subject to fatigue show the cumulalive effects of random cycllc loads 
(sometimes above the fatigue limit). Damage theories postulated by the 
Division of Research were based on Miner's rule, which assumes that ff "i 
cycles of stre» o1 are applied co a member, where Ni was the fatigue limit 
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for the member, failure could occur when 
(I ni/Ni) 2 1. 

Miner's rule has not proven conservative and is subject to the same statistical 
variations encountered in fatigue testJ. Also, in its simplest fonn, it precludes 
the possibility of a pre-41xistent crack which can easily occur in a structure 
as large as a bridge 

It was realized •tu t some infonnation on actual material perfonnance 
would be required to substantiate as!umplions incorporated in earlier 
statistical model~. Lillie 1uevious research could be found on the mcchOJl.ica.l 
performance of steels subjected to many years service in a fatigue 
environment. Acoustic emission. a new laboratory and nondestructive 
evaluation tool, showed some potential for providing data about the loading 
history of a material. Therefore, a study was initiated to investigate acoustic 
emission and fatigue. 

Acouatic Emiaion 

Acoustic emissions (AE) are transient, elastic waves generated by the 
rapid coleaso of energy from a ma1erial subjected to an external stre-ss. 
Consider breaking a stick by slowly bending It: when the wood fibors 
fracture. a noise can be heard. However, most dynamic processes in metal 
release insufficient energy to be detected audibly. Therefore, sensitive 
electronic equipment is required to detect these processes. 

A schematic diagram of the Dunegan Model 3000 acoustic emission 
detector used in the study is shown in Figure I. The essential components 
arc transducers. preamplifie1s, and totalizers (counrcrs). Transducers receive 
weak, high·frequency mechanical vibrations from dynamically suessed 
specimens and converts them into electrical signals proportional to the rate 
and the intensity of the Impressed vibrations. Preampllfiers amplify the 
signals, filtering out frequencies below I 00 kHz, which are usually 
extraneous mechanical noises. The totalizers (counting circuitry) measure and 
count the voltage signals from the preamplifier that exceed a certain 
threshold level. This data is displayed as 'counts', being proportional to the 
frequency and intensity of the impressed vibrations. The totalizer can work 
in conjunction with a Dunegan Model 402 reset clock to provide count rates. 
Counting is visually displayed on a panel meter and on a strip chart . The 
amplified signal is heard through a Dunegan Model 702 audio monito1. The 
couplant used in th.is study to connect transducers to test specimens was 
a viscous polyester resin, Dow DV·9. 

Initial Acoustic Emission Tests 

Several basic questions needed to be answered about the exact physical 
sources of acoustic emission before any correlation could be made between 
acoustic emission and fatigue. Ingham, et al., associated the AE phenomena 
in steel with cracking of cementite (3). They noted that steels with 
spheriodized peralite produce less total acoustic emission than those with 
lamellar pearlite. Dunegan and Harris, however, associated AE activity with 
mobile dislocations (4). 
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A series of tensile and compressive tests was perfonned on steel and 
aluminum specimens. The tests were conducted at the University of 
Kentucky Department of Metallurgical Engineering and Materials Sc ence 
using a 20.000.pound (88,960.N) capacity, universal testing machine 
(lnstron). Pin·type grips were required for tcnsUe specimens. A special 
prestressing device was used to pteload pin holes. The preload wu higher 
than fracture load of the specimens. This had two beneficial effects: it 
work-hardened the specimen pin holes, and it 'silenced' noise from 
deformation at the pin hol~~ Thi' minimi1.ed AF. activity from the &riP 
area during the tests. 

The initial tensile tests, shown in Figure 2, were conducted using AISI 
1018 steel specimens. The resulting load- and AE rate-versus-strain curve 
of Figure 3 shows a difference between cold-worked AISI 1018 steel (Test 
9) and annealed AISI 1018 steel (Test 10). The$C tests were run at a 
crosshead speed of 0.05 in./ min ( 1.3 mm/min). Low· noise (differential) 
Dunegan D 140 transducers were used for the tests. Acoustic emissioN were 
summed over a time interval of two seconds to give a rate indication of 
AE activity. The Model 30 l totalizer was run with a gain of 95 dB. The 
AE output of the totalizer was plo11ed on a strip-chut recorder. 

Fipre 2. Teamle/AE Tat of a Sllllll Sp.:imen. 

AE activity of cold·worked steel increased rapidly with the rising tensile 
load and reached a maximum value at the proportional limit. After plastic 
deformation began, the AE activity decreased. The AE rate for the annealed 
specimen Increased gradually with load, reachlng a maximum value at the 
proportional limit. After plastic defonnat!on began and as it proceeded, the 
AE rate decreased. Whereas the cold·worked steel had the highest AE rate. 
the annealed steel had nearly three times as many total AE counts. Most 
of the potential for AE activity in the cold·worked steel had been dissipated 
by creating di5locations in the cold-fonnlng proceu; therefore, less total AE 
activity was possible. 

Figure 4 demonmates the irreversibility of acoustic emissions with 
loading. using the folly annealed steel. The summing interval was increased 
to JO seconds. The specimen was loaded until discontinuous yielding took 
place. Then, the load was decreased to a low valuo. The specimen was 
reloaded and pulled to failure. The AE rate curve demonstrated the 
irreversibility of acoustic emission. AE activity ceased on unloading, and 
no emissions occurred until the previous maximum load wu exceeded. This 
behavior, called the Kaiser effect, was found to exist for both elastic and 
plastic deformation. 

l'iguic 5 shows the load· and AE rate·vosw-strain for a one·inch 
(25 .4-mm) cube of commercially pure aluminum in compression. The Kaiser 
effect was also demonstrated in th.is test. The specimen was strllined at a 
crosshead rate of 0.01 in./minute (0.254 mm/minute). A 2-second summing 
interval was U$Cd for the AE rate. No AE activity was found until the 
proportional limit was exceeded. The maximum AE rate occurred prior to 
the onset of gross plastic flow. The AE activity, for most aluminum 
specimens tested, decreased gradually with increasing plastic flow. The 
compression tost was stopped when the load reached the maximum capacity 
of the testi1111 machine. 

The ductile aluminum specimen shown in Figure 5 had approximately 
the same volume of material subject to maximum strains a.s the steel 
specimens. The rate of AE activity from the aluminum specimen Is of the 
same order of magnitude as the AE rate from the steel specimens. 
Commercially pure aluminum hu no brittle second phue such 11 cementite. 
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Figwe 3. Load· and AE-venm-Stnin Cwves for Cold-Worked Steel and 
Annealed Steel. 
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The source of AE activity in this metal must be attributed to dislocation 
motion (5, 6, 7). The decrease of mobile dislocations. with the continuation 
of plastic flow and work·hardening, closely correlates with the AE-rate 
behavior of aluminum due to the greater ease of dislocation motion in the 
face-centered cubic metal. A ductile phase of steel, ferrite, must also be 
capable of producing a significant amount of acoustic emission. The 
contribution of cementite fracture to the total AE activity in a structural 
steel must be dependent on the percentage present. In most structural steels, 
the cementite content is very small. 

The difference between AE rates of the cold-worked and annealed AISI 
1018 steels is better explained by dislocation motion. The initial dislocation 
density of the cold-worked steel was from 102 to 104 times greater than 
the annealed steel. Immediately on load application, many dislocations 
became mobile. Dislocations were created in the annealed steel upon loading. 
Therefore, the annealed steel showed a more gradual increase in AE rate 
and a greater total amount of AE activity. 

Tests at different crosshead speeds showed that AE activity would 
increase with increased loading rates. AE activity was perceptable at 
crosshead rates as low as 0.00 I in ./minute (0.025 mm/ minute). The Kaiser 
effect persisted at crosshead speeds as high as 0. 7 in./ minute (17 .8 
mm/minute). Steel specimens cut in the transverse rolling direction and 
normal specimens cut in the longitudinal rolling direction were tested and 
compared. Both types of specimens exhibited the same yield and ultimate 
strengths. However, the transverse-cut specimens showed 5-percent less 
elongation and about SO.percent less total acoustic ~mission. 

Tensile specimens were cut from an SO.year old bridge eyebar, from 
the C&O bridge at Covington, which had lain in a storage yard for a year 
since the bridge was demolished. Specimens were cut from the eyebar stem 
parallel to the loading direction. It was hoped that the Kaiser effect would 
give an indication of the maximum service stress. However, tests revealed 
behavior similar to that of AISI lO l 8 steel. Stram aging had probably erased 
the Kaiser effect. 

Fatigue Testing 

A series of axial-fatigue tests were planned, using four types of steel. 
Steel from the C & 0 bridge eyebar was duplicated by National Steel 
Corporation (see Table I). The old bridge specification was typical for 
acid-Bessemer steel. To duplicate the eyebar steel, National Steel Corporation 
phosphorized an open-hearth steel plate after it was rolled. A 7-in. x 4-in. 
x 1/2-in. (178-mm x 102-mm x 13-mm) unequal angle and a C9xl5 channel 
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member were also incorporated in these tests. Both were from riveted 
members, about 40 years old, and were presumed to be ASTM A 7. Both 
of these beams failed by fatigue in bridge service. The tensile strength of 
the angle specimen was 54.9 ksi (378 MPa), and the tensile strength of the 
channel specimen was SS.I ksi (380 MPa). A typical specimen is shown 
in Figure 6. The specimens were cut in the logitudinal rolling direction of 
the- steels. All natural surfaces were preserved, and all machined surfaces 
were ground. 

The I I C&O (Series A) specimens and the National Steel (Series B) 
specimens were fatigued at various stress ratios and fractions of fatigue lives 
at those stress ratios. Angle (Series C) and channel (Series D) specimens 
were tested in completely reversed loading to detennine their endurance 
limits. The fatigue tests were run by Metcut Research Associates of 
Cincinnati, Ohio, on a Baldwin-Lima-Hamilton, IV-20 fatigue machine. 
Loading alignment was achieved by drilling pin holes, centered along the 
gage length of a specimen. The specimens were tested in air at room 
temperatures (70 ± 10 F (21 ± 5.5 C)). The specimen temperature was limited 
to 200 F (93 C). Loading was applied in a sinusoidal manner at the rate 
of 1200 cpm. The total dynamic load error was limited to ± 3 percent 
of the applied stress. 

Test results are shown In Table I. The fat igue limit (also the runout) 
was 12 x I 06 cycles. On inspect ion of the specimens. after machinin_g, some 
discuntinuity was found between the fillet radii and the ground faces of 
the gage sections. This was not conec ted as it wns feared that any subsequent 
grinding would undercut the specimens at the gage root . All failed specimens 
fractured at this location. However, the continuity of the resulu suggests 
that tho mess concentration fac tors which contribu1ed to the failures were 
almost constant for all specimens. Plaslic flow in specimens stressed greater 
than 30 ksi (207 MPa) led to buckling and caused three Series D tests to 
be aborted. 

Figures 7 and 8 show modified Goodman diagrams for the Series A 
and B fatigue tests (8). The average lines indicate average fatigue limits of 
new low-carbon structural steel for fatigue lives of 100,000 and 200,000 
cycles. The shaded areas show stress variations between the average and 
minimum fatigue limits. imposed on Figure 7 are the poinu representing 
test failures which occuned at fatigue lives greater than two million cycles. 
Figure 8 shows points representing 1es1 failures which occuned at fatigue 
lives be tween 96,000 and two million cycles. Figure 7 reveals that even 
though most of these fatigue tesu lasted six times longer than val.ues for 
fatigue Lives of two milllon cycles, their fatigue limits usually equalled or 
exceeded the established minimum fatigue Umlts of typical steels for two 
million cycles. Figure 8 shows that fatigue limits of most specimens having 
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Table I. Remits of Axial Fatigue Tests 

MAX f MUM MPH MUM CYCLES TO 
SPECIMEN STR.ESS STRESS CYCLE CYCLE FAILURE 

NUMBER I KS I I Ci< SI l DESIGNATION REQUIRED C THOUS ANDS I RESULTS 

Al 19 -L9 NAl TO F"AlLURE 12.000 FAILURE 
A2 29 -29 ,~A2 75% OF "iA5 86 FAILURE 
A3 29 -29 NA3 50% OF NA5 600 RE~OVEO 
A4 29 -29 .~A4 TO FA I LURE 611 FAILURE 
AS 29 -29 "lA5 TO FAILURE l d q7 FAILURE 
A6 35 I) NA6 TO FA I LURE 204 FAILURE 
A7 35 0 1~A 7 75% OF '-JA6 153 R E"lOV ED 
AB 35 0 ~AB 50% OF NA6 102 RE .MOVEIJ 
A'l 54 0 NA9 TO FAILURE 'l6 FAILURE 
AlO 50 25 NAlO TO FAILURE 12.154 f1 UN OUT 
Al l 'i6 2B NAll TO FA I LURE 526 FAILURE 

dl 29 -29 NBl TO FAILURE lAl FAILURE 
B2 29 - 2'j ~B2 75% OF ~1a1 L3b REMOVED 
B3 35 (J ;~9 3 TO FAILURE 12.057 RUN OUT 
B4 35 0 Nt\4 75% OF '< B3 3,9A5 FAILURE 
B5 35 ·J NBS 50% OF 'J 133 6t000 REMOVED 

Cl 25 -25 ,~cl TO FAILURE 10 B FAILURE 
C2 25 -25 NU TO FAILURE 48 FAILURE 
C3 30 - 30 NC 3 TO FAILURE 19 FAILUKF 
C4 30 -30 NC4 TO FAILURE 20 FAILURE 
cs 20 -20 NC5 TO FAILURE 672 FAILURE 
Co 20 -20 -'-JC:. TO FAlLIJRE l • 62 7 FAILURE 
C7 LO -10 "4C1 TO FAILURE 12,000 RUN OUT 
CB l 5 -1 '.) NC 8 TO FAILURE 12. 143 RUNuUT 
C9 11 -19 :.c ~ TO FAILURE lt550 FAILURE 
ClO 18 -1 ti r~c 10 TO FAILURE 1. 762. FAILURE 
c ll 16 -16 1~C 11 TO FAILURE 6t998 FA! LURE 
Cl2 16 -16 NC 12 TO FAILURE 4'712 FAILURE 

Dl 45 -45 ,..o l TO FAILURE TE ST ABORTED 
D2 40 -40 ND2 TO FAILURE TEST ABORTED 
03 30 -3J !\10.l TO FAILURE 64 FAILURE 
04 30 - 30 ND4 TO FAILURE 99 FAlLURE 
05 20 -20 ';;)5 TO FAILURE 83 5 FAILURE 
06 20 -20 ND6 TO FAILURE l t 169 FAI LURF 
07 10 -10 .~;)1 TO FAILURE 15,395 RUN OUT 
DB 19 -19 NOB TO FAILURE lt832 FAILURE 
09 l 5 -15 ,~D9 TO FAILURE 12,000 RUN OUT 
DLO 18 -ld NOlO TO FAILURE 12.000 RUl\JOUT 
D 11 19 -19 ,~D tl TO FAILURE 474 FAILURE 
012 35 - 35 ,'-JD 12 TQ FAILURE TEST ABORTED 

NOTES: POSITIVE STRESS DE~OTE5 TENSION 
NEGATIVE STRESS DE~OTES COMPRESSION 
l KSI = 6.895 MPa 

fatigue lives of approximately l 00,000 cycles met or exceeded the minimum 
fatigue limits of typical structural steels. Most specimens with fatigue lives 
approaching two million cycles had slightly lower fatigue limits than the 
average values given for typical steels with 100,000.cycle lives. However, 
these specimens had higher fatigues limits than typical steels with fatigue 
lives of two million cycles. The Series C and Series D specimens both had 
fatigue limits of approximately IS ksi (103 MPa). 

The yield and ultimate strengths of the National Steel (Series B) 
specimens were greater than those of the C&O eyebar (Series A) specimens. 
Therefore, higher fatigue limits were expected from the National Steel 
specimens. The maximum ratios of the fatigue limit to the ultimate strengths 
for the angle and channel specimens were 0.27 and 0.26, respectively. These 
values are in the lower range of this ratio as compiled by others (8). The 
low values are attributable to stress risers at the gage-section fillets. 

Thirty days after the fatigue tests ended, tensile/ AE tests were 
performed on some untested specimens and specimens which survived the 
fatigue tests. Prior to each test, the coupling efficiency between a specimen 
and a transducer was measured using a Trodyne, 'Sim·Cal'. spark·gap, AE 
calibration device. The 'Sim-Cal' duplicates an AE wave source with a signal 

repeatable within ± 20 percent. The average number of AE counts recorded 
by the AE detector from ten 'Sim-Cal' excitations was used in a simple 
ratio between the lowest average (as a reference) and the average of other 
tests to standardize data. The specimen pin holes were preloaded, and the 
tests were performed at a crosshead speed of 0.05 in./minute ( 1.3 
mm/minute). The gain was set at 95 dB with high-pass filtration of 0.1 
MHz. Thirteen specimens were tested to failure. Three were loaded to their 
yield points, removed, notched, and tested to failure. The results of these 
tests are shown in Table 2. 

The tests revealed that the specimens had strairl aged. The AE rate 
curves resembled those of earlier tests, and the Kaiser effect was not evident. 
There was no discernible effect on the mechanical properties of the specimens 
subjected to low-level cyclic stresses. A C&O eyebar specimen (A 11 ), 
fatigued in the range from 56 ksi (386 MPa) to 28 ksi (193 MPa) for 12 
million cycles, differed little in ductility and toughness from specimens which 
had not been fatigued. 

It became apparent that no gross changes in mechanical behavior 
resulted from cyclic loading below the yield region. One C&O eyebar 
specimen (A3) produced an unusually high AE count. Most of the activity 
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Flpre 6. National Steel (Series B) and Anale (Series D) Fatigue 
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Table 2. Telllile Test Data for Fatipe-Tat..t Specimeoa 

FATIGUE "'U"l~EK HJUCTION ULTl"ATE 
SPECl~EN Lu AD CF CYCLES I ·~ APEA ELD'< GAT I ON ST~ESS 

NUMBER (KS I I I THOUSANDS I I PERCENT I lPo~CE'ITI lKSll 

Al 19 TO -11 12.000 6lo4 .? 4.b ss.a5 
Al Z'1 TO -21 1100 58.4 Z lob 57. 80 
A7~ 35 TO 0 153 Z3.0 I 2. 0 64.94 
AS 35 TO 0 102 b0.1 2 z. 0 56odl 
All 56 TO ze 12 .i ~o 59.4 2 loO 62 o l 5 
All' bl·" 2 3.0 5 7. l 3 
e2 29 TO - 29 llb 57.4 2 9. j b2o'l6 
BJ 35 TO 0 12 ,050 57.b z 1. 7 62.43 
8~ 35 TO 0 1>,000 57. 3 31.b 64.17 
86' 58.9 31.4 bl. 37 
Cl 10 TO -1 0 12.000 54.2 4 t. l 62.24 
ca 15 TO -15 12 .140 50. 2 e.i 11. 78 
Db 15 TO - IS 12.000 6().'o .!. 9. 7 57.57 
D7 10 TO - 10 15.40J ~o. 2 n.2 58.47 
0100 18 TO -1 a 12.000 zz.a I Oo a 68.69 
012oc 35 TJ - 3S TE ST STOPPEO 59.2 2 L, 5 58.69 

NOT ES: • NOTCHED 
<oo DAMAGED 

KS! = 6.895 ~Pa 
l IN. 163.9 mM 
I IN.-KIP/l'-10 3 = 2.756 MJ/MJ 

Z't 

Fipre 7. Modified Goodman Dlapma Compulna Fatipe Umill of 
llridae Steels with Averqe Valua, for Fatipe U- Grater 
than 2,000,000 Cycles (I 4 ). 
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MINIMUM UNIT STRESS, KSI 

on LUME TROOYNE TCUL CDil.P EC TEJ 
S TP E SS IN TEST COU/\ITS ACOUSTIC TOUGHNESS 

l K SI I l I No JI (AVERAGE I EMISSION COUNTS llNo-KlP/lN. 31 

35 .10 o. 7973 13.5 331.5 30.38 
.16 .99 o.7Zo8 lZ.b l .03~.b 31. 75 
47.58 o.7875 9.5 l,455.o 14.13 
36.08 v. 7165 9,4 ~ 11. 3 30.113 
53 .55 o.&019 l l .6 2'10.o ze.88 
lb.35 uolll79 15.5 536.0 z5. n 
38.110 u.8025 1.1 230 ... 40.25 
37.~3 o.ao14 7. l 1s.1 39.JI 
38.77 o.7835 6.2 240.5 4z.2s 
lb ... 11 o.8118 10.3 191.3 42. 38 
36.lb 0.4776 6,b 60.9 58.13 
52 .38 o.4.,91 5.9 1.913.4 8.5o 
38.'IO o.805'1 14.0 382 .9 37.00 
't0.68 Oo80'1'l 16.0 55.5 35.75 
52 .84 o.7846 lL .l 322.5 12.38 
38.95 o.8047 l'r. 5 57,5 21. 38 



.. occurred in the discontinuous yield region. However, the mechanical 
properties measured during this test did not markedly differ from villuQs 
of other specimens. This event represents some presently undetermined 
variance in properties not measurable by tensile testing. 

Three specimens (A7, CB, and DIO) were notched with a jeweler's 
hacksaw after an initial loading. After notching, the specimens were pulled 
to failure . During the tests, the notches were observed to become blunted, 
and areas of localized plastic deformation appeared on the faces of the 
specimens adjacent to the notches. Compared to unnotched specimens, the 
notched specimens showed higher yield and ultimate strengths but exhibited 
lower toughness and elongation. The total AE count was greater for 
uMotched specimens. AE activity of notched specimens began immediately 
with the load application. It reached a maximum value during discontinuous 
yielding and decreased with the onset of fully plastic flow. A slight increase 
in AE rate occurred prior to failure. The increase in strength and loss of 
ductility are results of the notch effect. The high initial rate of AE activity 
was caused by the rapid onset of localized plastic flow. The increase of 
AE rate prior to fracture was probably due to rapid growth of the plastic 
zone. 

As a result of these tests, it became evident that no gross changes in 
mechanical properties had occurred in steels which had seen extended service. 
Also, there was no detectable difference in AE activity between any of the 
fatigued steels or any unfatigued steels. 

Tests indicated that field fatigue failures should be viewed as discrete 
events which were much more difficult to characterize than 
laboratory-derived values such as the yield strength or even the fatigue limit. 
This led to the view that material properties were not of prime importance, 
-.specially when compared to geometric factors (stress risers). 

Field Testiq 

AE systems have been interfaced with computers to locate defects in 
pressure vessels for the past l 2 years. Much Oeld experience has been 
accumulated from oil storage tanks, rocket motor cases, and nucler reactors 
(9, JO, 11). Several techniques have been developed for AE discrimination 
in a high noise environment ( 12, 13). However, few significant trials of AE 
flaw-locating equipment have been made on bridges ( 14). 

To further explore the listening and probing capabilities of equipment, 
a large, welded plate girder, approximately 50 feet ( 16.4 m) long having 
a web length of 27 inches (690 mm) and a thickness of 3/4 inch (19 mm) 
was tel!ed using the AE device and the 'Slm·C3.I ' calibrator. The 'Sim-Cal ' 
produced a repeatable, simulated acoustic pulse of lower magnitude than 
an AE burst in a notched tensile specimen. Using a gain of 97 dB, with 
band-pass filtration of 0.1 to 0.3 MHz and a single·ended Dunegan S-1408 
transducer, the 'Sim-Cal' signal could readily be detected from 45 feet (14.8 
m) by the AE device. A decrease in AE intensity occurred with increasing 
distance between the transducer and the AE calibrator. However, the test 
showed that AE energy caused by crack blunting or growth can be detected 
by AE systems over long distances. Recent improvements in AE flaw-locating 
systems have enabled their use on geometrically complex structures and 
reduced the amount of electronics required to locate defects over long 
distances. 
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FATIGUE FAILURE MECHANISM OF REINFORCED CONCRETE BRIDGE DECK SLABS 

Kiyoshi Okada, Kyoto University 
Hirokazu Okamura, Osaka Institute Technology 
Keiichiro Sonoda, Osaka City University 

The aim of the paper is to clarify the fatigue 
failure mechanism of reinforced concrete slabs 
under moving wheel loads. Seven slabs with full 
scale dimensions were tested under static load, 
central pulsating loads, and moving pulsating 
loads. To investigate deflection characteristic 
and reserve fatigue strength of cracked slabs 
subjected to actual traffic loads, especially, 
four test slabs were sawn out from two dis
tressed bridge decks. Experimental findings 
were mainly as follows: rubbing together of 
crack faces due to the repeatedly moving loads 
eventually produced a slit with a narrow open
ing in the cracked section; the formation of the 
slit reduced both flexura l and shearing rigidi
ties of the slab; if rain water were poured into 
the cracked section, the reductions of these 
rigidities were remarkably accelerated and 
caused he slab surface to collapse prematurely . 
Three-dimensional stress anal:rsis in the vicini
ties of cracks ?redieted thei r penetration 
hrough he entire depth of the slab . It was 

round t at the process of the enetration con
sisted of t"10 stages: the first stage was a 
growth of flexural cracks occurring at .ne 
bottom surface of the s lab , beneath the wheel 
load, and the second stage was a progression of 
twisting cracks occurring at the top surface, 
when the wheel load had moved away. 

Introduction 

The design code for reinforced concrete bridge 
deck slabs in Japan follows an allowable stress 
method based upon the thin elastic plate bending 
theory, which has been supposed to lead to conserva
tive results. During the past decade, however, many 
instances of damage or collapse of deck slabs have 
been reported in Japan. To examine direct or in
direct causes for such damage or collapse, some 
tests of model and prototype slabs have been carried 
out under both static and pulsating loads, but these 
test results merely indicated that the slabs had 
load-ca.rrying capacities several times greater than 
the design loads (1 ,2). On the other hand, from 
f ield obser•1ationS'On"" actual damaged deck slabs, the 
effects of rolling and moving wheel loads on fatigue 
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of deck slabs appear to be highly significant. 
However, such effects have not been considered in 
previous tests. 

The aim of this study is to clarify both ex
perimentally and theoretically the fatigue strength 
and the failure mechanism of reinforced concrete 
deck slabs under moving wheel loads. Seven slabs 
with full-scale dimensions were tested under 
static, ·pulsating and moving pulsating loadings. 
In order to investigate reserve fatigue strengths 
and durabilities of cracked slabs under repeatedly 
moving loads , s~me of the test specimens were sawn 
out from two dis tressed bridge deck slabs which had 
been subjected : o the traffic loads of 20 - 50 
thousand cars s. ay over a period of 8 to 10 
years. The other specimens were virgin slabs 
fabricated to the same specification as for the old 
slabs. 

An analysis based upon three-dimensional elas
ticity of a model slab with grid-like cracks was 
made to investigate the distribution of stresses 
near the cracks due to moving loads and to clarify 
the process of crack growth through the entire 
depth of the slab, under the action of alternate 
transverse and twisting shearing stresses. 

Description of Specimens and Tests 

Details of the test specimens are given in 
Table 1. The specimens marked '' 0 " •Jere sawn out 
from the two distressed bridge decks. The cracking 
pattern of one of t!'lese specimens i s illustrated in 
Fig .l, in which the existence of numerous cracks of 
widths 0 .05 - 0 .2 mm at the bottom surface of the 
slab, some of whi~h penetrate to the top surface 
are apparent . The specimens marked " N " mean 
full - scale virgin slabs made for tnese tests. All 
spP.cimens also include top reinforcemt::ut. 1:U11ounting 
to about 50 ~ of the bottom reinforcement indicated 
i n Table l . The reinforcement consists of round 
steel bars with iameters 16 mm in the longitudinal 
irection and 13 mm in the t ransverse direction. 

Th·ese specimens have standard depth and rein
forcement in accordance wi th the Japanese code. 

The test setup is shown in Fig.2 . 'The slabs 
were supported rigidly along their longer edges and 
elastically on steel beams with H-sections along 
their shorter edges so as to obtain variations of 



. . bending moments comparable to those in actual 
bridge deck slabs which are supported on longi
tudinal steel girders. To ensure bond strength of 
reinforcing bars in the sawn-out slabs, ends of the 
bars were welded to anchorage steel plates placed 
on edge-sides of the slabs. 2 Load was applied on a 20 x 50 cm rectangular 
area corresponding to one rear wheel load specified 
by the code. Two types of loading procedures were 
used: static or pulsating loads applied at center 
of slab, and pulsating loads transferred stepwise 
and cyclically on several different points as shown 
in Fig.4. The number of cycles of pulsating load 
per point was in the range from 0.2 x 104 to 1.0 
x 104. The latter type was regarded as a simu
lation of moving wheel loads. The movement of 
loading point was carried out by sliding stepwise 
the slabs in the longitudinal direction, and by 
changing in the transverse direction the support
point of the lever arm sustaining a pulsating load 
from an actuator. The pulsating load was of 
sinusoidal wave form and frequencies ranged from 
4 Hz to 5 Hz. The intensity of the load was varied 
for different tests in the range between 108 kN 
corresponding to one rear wheel load including 
impact load specified by the code and 245 kN of 
the maximum capacity of the testing machine used. 
Loading sequences for the various specimens are 
shown in Fig.3. 

Observation of Crack Propagation 

In the central pulsating loading test of the 
virgin slab N2, radial cracking patterns developed 
at the bottom surface of the slab, spreading from 
the loading point. Crack propagation was slow, 
and nearly ceased after one hundred thousand cycles 
of a load successively higher than previous maximwn 
load. Initial cracks occurred beneath a loading 
point and then extended along the princiFal moment 
trajectory. In the moving pulsating loading test 
of the virgin slab N3, on the other hand, the 
cracking pattern had a grid-like form similar to 
that of the old slab as shown in Fig.l. Movement 
of the loads sequentially changed the principal 
moment directions, and consequently, the cracking 
spread over the entire lower surface of the slab. 
!!1 the slab ~r3, the grid-like cracki11g pattern was 
essentially completed after 200 x 10 4 cycles of 
l oading and 50 cycles of movement, in which one 
cycle of movement consisced of the pulsating load
:ngs of five different points aligned as shown in 
?i.g. 4. 

The relationships between the characteristics 
cf the cracked surface and the number of cycles of 
the pulsating load obtained in specimen N3 are 
indicated in Fig.5. The crack density, which is 
defined here as the total length of surface cracks 
per unit area, becomes stationary after a finite 
number of cycles. Namely, new cracks occur severe-
1:,· only at the initial stage of loading. On the 
other hand, by the actions of alternate compression 
and twisting due to sequential and repeated move
ments of loads, the crack faces are clapped togeth
er and rubbed against each other, and consequently 
the crack faces are worn away and then a slit with 
a narrow opening is formed in the cracked section. 
This was confirmed in the test through observation 
of sequential falling of fine concrete powder from 
crack openings. This will also be supported by 
field observations that in actual damaged deck slabs 
so large plastic deformations did not occur, in 
spite of the existence of nwnerous cracks with 
large residual widths. 
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The formation of such a slit impairs the conti
nuity of flexural rigidity and also causes a re
markable reduction of shearing strength mainly 
relying upon interlocking of the aggregate parti
cles. A discontinuity of flexural rigidity is 
shown in Fig.6, where cracks beneath the load open 
widely but other cracks in a slightly remote 
position from the load contrastedly close until 
widths remaining under no loading vanish, and the 
behaviours of these cracks greatly differ from the 
shape of the moment influence line predicted by the 
homogeneous elastic plate theory. Furthermore, 
such a discontinuity will produce alternate 
stresses of compression and tension on the upper 
side of the cracked section with the movement of 
the load and then will eventually result in 
penetration of cracks across the entire depth. 
In specimen N3, such a fully penetrating crack was 
dete~ted in the longitudinal direction after 490 
x 10 cycles of loading and 190 cycles of movement 
of the load with 226 kN as a maximum, corresponding 
to about twice the design load (see crack B in Fig. 
6). The cycles of movement of the load were great
ly restricted in number because with the loading 
equipment used the movements were carried out 
manually. Therefore, more cycles of load movement 
which would be encounted in actual bridge decks 
could be assumed to reduce considerably the load 
intensity causing full penetration cracking. 
Further discussion on full penetration cracking 
will be described in a subsequent section. 

Stresses of Reinforcing Bars 

Table 2 shows a comparison of observed strains 
and theoretical ones of longitudinal bottom rein
forcing bars ~~ cracked sections beneath the load. 
The theoreti:~l strains are derived from the 
conventional elastic equation neglecting the 
strength of ~ensile concrete under a moment obtain
ed by the elastic plate bending theory. It can be 
concluded from these results that the stress inten
sity of reinforcing bars is sufficiently small in 
the initial stage of cracking and does not exceed, 
in the state of extensive cracking, the value 
;redicted by the conventional elastic equation. 

De . lect!on C'.')aracte!' i stic s 

?ig.! shows ::.oad-cen:rs.l deflection :urves of 
SFecimens N1, :1, N2 and C2 . The deflections of 
the slabs with slight cracks may be estimated, in 
the ranges below or near the iesign load, by the 
isotropic elastic plate theory with considers.tion 
of the flexural rigidisy of entire slab depth, and 
those of the impaired slabs with a number of fully 
penetrating crac~s s.s shown in Fig.l may be Fre
dicted well by the orthotropic elastic plate theory 
with the rigidities of only compressive concrete 
and tensile reinforcement. Fig.a indicates how the 
central deflection under constant load of 108 kN 
corresponding to design load grows with the number 
of cycles of loading. It seems that the increase 
of deflection under the central loading is very 
slow but deflection under moving loading gradually 
increases. 

In field observations of actual damaged bridge 
decks it often has been seen that rain water comes 
through concrete slabs along cracks in asphalt 
pavement, and a solution of lime causes precipi
tation of calcium carbonate at the lower sides of 
the cracked sections of the slabs. To examine the 
effect of the water infiltrated into the cracked 
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sections on slab failure under moving pulsating 
loading, specimens 03 and 04 were tested in a water
saturated state which vas obtained by ponding ·o1ater 
on the upper surface of the slab. It is clearly 
shown that water infiltrated into cracks rema.rkably 
influences increase of deflection . This is probably 
due to the fact that water infiltrated into cracks 
oozes out the fine powder of crushed concrete from 
the crack openings by virtue of vibrating action 
of the ilab, and the enlargement of crack width 
consequently induces accelerative reductions of both 
flexural and shearing rigidities. 

Collapse Load and Fatigue Failure Mechanism 

It is well known that slabs loaded at the center 
collapse in punching shear modes. Some specimens in 
the tests collapsed eventually due to punching shear 
of concrete after precedence of partial. flexural 
failure. The values of collapse loads of the speci
mens are shown in Table 3. The collapse load of the 
virgin slab Ni under central static-loading agreed 
well with the val.ue predicted by the punching shear 
failure formula presented by Kakuta et al. (J). 
In the old slab 01 distressed due to travelling of 
actual traffic loads, the collapse load in the 
static test see.med to be somevhat reduced by the 
influence of the existence of extensive cracks, but 
still it was very large in comparison with the 
design load. The old slab 02 under central 
pulsating loading collapsed due to fatigue fracture 
of tensile reinforcing bars at the maximum load 245 
kN equal to 2.3 times the design load. However, 
the virgin s lab N2 did not collapse under the same 
load . 

On the other hand, it was clearly recognizable 
that water infiltrated into the cracked sections 
caused the premature collapse of the slab. 
Specimen 03 collapsed under maximum load of 167 kN 
and at 530 x 104 cycles of loading, the specimen 
ha4ing been loaded in a wet condition after 475 x 
10 cycles in a dry condition. Specimen 04 which 
was t ested from the start in a wet condition under 
a constant load of 108 kN corresponding to the 
design load collapsed at 250 x 104 cycles of load
ing. The collapse mechanism of a slab saturated 
with water proceeded as follows: when the deterio
rated slab with many fully penetrating cracks was 
saturated with water, the crushed concrete powder 
existing in the cracks was changed into a mud-like 
paste and flowed out from the crack openings by 
virtue of the pumping effect due to vibration of 
the slab. Consequently, the crack openings were 
rapidly enlarged with the repetitions of loading 
and the shear resistance of the slab was reduced 
remarkably. After falling of small concrete frag
ments from the cracked sections followed by peeling 
off of the concrete covering the bottom reinforcing 
bars , the upper surface of the slab eventually caved 
in and collapsed. 

Theoretioa1 Consideration 

To research further the process of full penetra
tion of cracks into flexural compression side, 
which was detected in the previous experiment, 
a three-dimensional stress analysis for the concrete 
near tip of flexural crack and the reinforcing bars 
was carried out under the assumptions: concrete and 
reinforcing bars were of isotropic elastic material; 
tensile and shearing stresses were not transmitted 
through the surface of flexural cracks; dowel 
effects of reinforcing bars were neglected; rein
forcing bars were perfectly bonded; the cracking 

pattern was of a grid-like form and spacing of 
cracks was about equal to slab depth. Further, to 
confirm a possibility of the failure of concrete 
due to such fully penetrating cracks in a bridge 
deck slab, a two-dimensional bending analysis for 
a one-way spanning slab was also carried out, and 
by the combination of results of this and those of 
three-dimensional analysis the range of principal 
tensile stress acting in concrete throughout the 
sl~b under moving wheel loads was examined. 

The method of three-dimens i onal. analysis here 
belongs to an integral equat i on met hod, described 
fully in the previ ous papers (4 ,5 ) , which is devel
oped by superposing the solutions of Mindlin's 
first and second problems and by using the colloca
tion method. The characteristic of the method is 
that an objective slab containing a part with 
variable rigidity due to cracks and reinforcements 
is cut out from a semi-infinite elastic solid, by 
replacing the effect of devi ation from uniform 
rigidity by application of equivalent self-equilib
rating body forces. 

A slab model for numerical investigations by 
the three-dimensional analysis was simplified, as 
shown in Fig.9, which had the following properties: 
all edges of the slab were simply supported; 
aspect ratio, b/a=l . 5; depth of cracks, ht=0 . 7h; 
spacing of cracks, eah; loaded area, u xv= 
0 .039 a2; Poisson's ratio of concrete, v=l/6; ratio 
of elastic moduli of steel and conc"rete =10 ; ratio 
of bottom reinforcement =1.0 %. The value ht•0.7h 
was taken from the assumption that flexural cracks 
would prematurely proceed from bottom face to the 
neutral plane determined by the conventional 
formula derived from neglecting the strength of 
tensile concrete and using Bernoulli's assumption. 

Fig.10 shows distributions of the normal 
stresses in the compressive domain of the cracked 
section benea-h the applied load. The results are 
al.most the same as those by the conventional formu
la under moment calculated by the elementary plate 
bending theor:.r . 

Fig.ll shows distributions of the normal 
str~ss, Ox• in concrete along the entire depth of 
the sections b - f as marked in Fig.9. Re.markable 
differences in the shapes of stress distributions 
are seen between cracked and uncracked sections , 
but the intens ities of compress ive stresses occur
ring at the top surface of each sect i on are not 
different between them. Fig.12 shows variation of 
the tensile stress, Osx, a.cting in a reinforcing 
bar between cracked sections b - g. In this 
figure , it should be noted that the intensity of 
Osx in the crack~d sections become3 large in com
parison with tha t in the uncracked sections, but 
the maximum intensity is nearly equal t o t he values 
predicted by the conventional formula mentioned 
above. 

On the other hand, distributions of transverse 
shearing stress, <yz • along the depth of com
pressive concrete in the cracked sections near the 
applied l oad are indicated in Fig.13 . As the dis
tributions of <y·z are of nearly triangular shape, 
the intensities of it may be predicted well by 
assuming a linear distribution of the resultant 
shearing force, Q, which can be obtained by the 
elementary plate bending theory, as shown by the 
dotted lines in Fig.13. 

Then, since the other stress components, except 
Tyz at the crack tip vhich is nearly on the neutral 
plane are sufficiently small in comparison with 
Tyz• the maximum principal tensile stress, apl• due 
to the above stress concentration will amount to 



. . Table 1. Details of specimens, material properties, and loadings . 

Speci- Sizes (m) 
Bottan Rein- Strenqth of 2 Sl:r1onqth of !eWct. Type of Loading 

mena forosrent ( ' ) cmc. (Ml~) Yield/ U1 timlt:e (lfi~2 l 
(W) (L) (T) (La>q.) (Trana.) 

Nl 2.5 x J.8 x 0.18 l.J I o.s 25.0 274. 7 I 454 .2 Static 

N2 2.5 x J.8 x 0.18 l.J I 0.5 29.5 274. 7 I 454.2 Central ?llsating 

NJ 2.5 x J.8 x 0.18 l.J I 0.5 Jl.4 274. 7 I 454 .2 l'oving ?llsating 

01 2.5 x J.8 x 0.18 l.J I 0.5 Jl. 7 J23. 7 I 461.l Static 

02 2.5 x J.8 x 0.18 l.J I 0.5 31. 7 323. 7 I 461.l central ?llsating 

03 l.8 x 2.7 x 0.17 l.l I 0.4 40.8 318 .8 I 438.3 1-t:>ving ?llsating 

04 l.8 x 2.7 x 0.17 l.l I 0.4 40.8 318.8 I 438.3 1-t:>ving ?llsa ting 

Table 2. Tensile strains of reinforcing bars under 
central load 108 kN. 

Table 3. Collapse loads. 

Spec1- Collapse Loads 
rrena (kN) Speci.Jlens 

:lll!tler of Measured Values Theoretical Values 
Cycles 

Nl Static 140 x 10-6 381 x 10-6 Nl 626 

N2 No collapse N2 
100 95 x 10-6 J81 x 10-6 

4 x 10
5 

115 x 10-6 381 x 10-6 

l x 10
4 

110 x 10-6 
381 x lo-6 NJ No collapse 

01 526 NJ 
2 x 10

5 
135 x 10-6 381 x 10-6 

5 x 105 175 x 10-6 381 x l0-6 

l.5 x 10
6 180 x l0-6 381 x 10-6 

02 245 

03 167 l 320 x 10-6 441 x 10-6 

l x 10
4 

360 x l0-6 441 x 10-6 

04 108 03 l x 10
5 375 x l0-6 

441 x 10-6 

5 x 10
5 420 x 10-6 441 x l0-6 

2 x 10
6 

400 x 10-6 441 x 10-6 

Figure 2 . Test setup. 

Figure 1. Cracking pattern of a distressed slab 
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Figure 3, Loading sequences for each specimen. 
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Figure 4. Sequence of movement of load. 
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Figure 5, Characteristics of cracked surface of 
virgin slab related with cycles of moving pulsating 
loading. 
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. . 
Figure 7, Load-deflection curves under central static or pulsating loadings . 

...... 
z ... 
a.. 

250 

200 

a 150 
c = ..... 

100 

50 

0 

I I 
' . 

~I I 
ct::• , 

I/ 
$i 
~" 

2 3 

P = 626 kN (COLLAPSE) 
_.........&=30mm 

4 5 6 7 

CENTRAL DEFLECTION 6 Imm I 

P = 526 kN (COLLAPSE) 
~ 6=30mm 

___ 5_0 ____ ~ mm 

I COLLAPSE) 

8 9 10 

Figure 8. Relationships between growth of central deflection and cycl es of loading under 108 kN . 
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Figure 9, Model slab for numerical investigation . 

I I : II l t I I 
a ,-x 

.L 
f---+----+__:.;;~~:..::..:;;~1------l _l_ 

1 

I 
I 
I 

L ________________ ! 
Figure lO. Variations of normal stresses in 
compressive domain. 
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Figure 11. Variations of normal stress ox/q in concrete in cracked and uncracked sections. 
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Figure 13. 
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Figure 15. Distribution of transverse shearing 
forces along periphery of loaded area. 

Figure 16. Contour line of twisting moment in 
a simply supported .'.) ne-way slab under two rear 
wheel loads. 
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(1) 

in which he is depth of compressive concrete. 
As severe intensity of Q will occur along the 

periphery of the loaded area, the distribution of Q 
along that periphery is examined by the plate bend
lug theory, a! ehown in J:i'ig.15, which ie calculated 
for a one-way slab with the span, 250 cm, consid
ered as an actual bridge deck, under the central 
load,108 kN, corresponding to one rear wheel load as 
specified by the Japanese code. Substituting the 
maximum value of Q given by Fig.13 into eq.(l) 
under the assumption, hc=6 cm, the intensity of 
tensile stress at the tip of a flexural crack 
reaches to 3.0 MN/m2, which is considered to be 
larger than the tensile fatigue strength of plain 
concret·e. Thus, if shear resistances of the sur
faces of flexural cracks produced prematurely in a 
bridge deck slab are sufficiently reduced due to 
repeated traffic loads, as the previous experimen
tal observation pointed out, then, a further pro
gression of flexural cracks to the compression side 
becomes possible, but such cracks can not extend to 
the top surface of the slab, because large flexural 
compressive stresses are in existence near the top 
resulting from application of finite bending moment. 

On the other hand, Fig.14 indicates distribu
t i ons of the horizontal shearing stress, •xy• in the 
remote sections from the load indicated in Fig.9. 
The intensity of <xy increases toward the top sur
face of cracked sections, and its maximum value 
reaches about 2.5 times the value, 6Mxyfh2, in which 
Mxy is twisting moment, which is derived from the 
elementary plate bending theory. As the applied 
load moves away from a relevant cracked section, 
<xy related with twisting moment increases gradually 
but the other stress components except Txy decrease 
rapidly. Then, t he maximum principal tensile 
stress, Op2• at the top surface of the cracked sec
tion will be given by 

6M 
2.5--¥ 

h 
(2) 

Fig.16 indicates a distribution of Mxy in the 
same one-way slab, as shown in Fig.15, subjected to 
two rear wheel loads with the intensity, 108 kN, 
respectively. Using the result from Fig.16 and 
eq. ( 2) under the assumption, h=l7 cm, the predomi
nant value of op2 will be in a range from 2.5 MN / m2 
to 3,5 MN/m2 in an extensive region. Accordingly, 
this tensile stress may induce a new crack devel
oping from the top surface toward the tip of a 
precedent flexural crack. 

In ordinary bridge deck slabs meeting the Japa
nese code, such tensile stresses, Opl and crp2• pos
sibly exceed the inherent tensile strength of con
crete, particularly when considering impaired 
strength due to fatigue. Hence, the combined action 
of opl and crp2 alternately resulting from repetition 
of moving wheel loads will eventually induce full 
penetration of crack extending from the bottom sur
face of the slab to the top surface. 

Finally, it should be mentioned that both com
pressive stresses in concrete at the top surface 
and tensile stresses in reinforcing bars almost 
never become greater than those derived from the 
conventional formula under moment calculated by the 
elementary plate bending theory, even if cracking 
progresses so severely that shear resistances of 
crack surfaces vanish and some cracks penetrating 

the entire depth exist. Then, it can be supposed 
that failure of concrete at the flexural com
pression side precedes the tensile fracture of 
reinforcing bars in actual bridge deck slabs. 

Conclusion 

It was found that deterioration of a reinforced 
concrete brl<.lge <.le<:J.... slab unde1· repeLlLlum; ur buLh 
pulsating and moving loads proceeded through the 
following process: cracking patterns at the bottom 
surface of the slab >1e1·e of a g:i:'l<.1-llke form; 
propagation of surface cracks ceased after a cer
tain finite number of repetitions of the load; 
crack faces of concrete were rubbed together and 
were worn down by virtue of repetitions of moving 
loads, and slits with narrow openings were conse
quently formed in the cracked sections; the forma
tion of such slits reduced the shearing rigidity of 
the slab associated with interlocking of the 
aggregate particles; and if rain water entered the 
cracked sections, the reductions of both flexural 
and shearing rigidities were remarkably accelerated 
making it possible to cause the slab surface to 
cave in and to collapse under the moderate load 
estimated in the design code. 

On the other hand, three-dimensional stress 
analysis for the vicinities of cracks revealed the 
process of full penetration of cracks through the 
entire depth of the slabs. This process consisted 
of two stages: the first stage was the growth of 
flexural cracks occurring at the bottom surface of 
the slab beneath a wheel load, and the second stage 
was progression of twisting cracks occurring at the 
upper side of the cracked section of the first 
stage when the wheel load had moved away to a 
remote positio::. 
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PATIGOE TESTS OP BOLTED CONNECTIONS DESIGNED BY BREAR-FRICTION 

B. G. Rabbat and N. w. Ranson, Portland Cement Association 

Por the elevated structure of Metropolitan 
Atlanta Rapid Transit Authority's (MARTA) sys
tem, bolted connections were designed to pro
vide composite action between the precast con
crete deck slab units and the main longitudinal 
girders. The connections were designed using 
the shear-fricti on procedure described in Sec
tion 11.15 of the 1971 ACI Building Code. Pre
torqued bolts were used as "reinforcement". 
The paper describes tests of 16 specimens that 
simulated the joint between the deck and the 
girder of the MARTA structure. Controlled var
iables included use of concrete girder, steel 
girder, different size bolts and different 
types of grout between deck and girder. The 
specimens were subjected to repeated loads of 
either 2 or 5-million cycles. These tests pro
vided a means for determining the behavior of 
the bolted connection under repeated loading. 
The test results are compared with values cal
culated according to the shear-friction con
cept. Design recommendations are presented. 

Hi ghlights 

For the elevated structure of Metropolitan 
Atlanta Rapid Transit Authority's (MARTA) system, 
bolted connections were designed to provide compos
ite action between precast concrete deck slab units 
and the main longitudinal girders. The connections 
were designed to resist the horizontal shears using 
the shear-friction procedure described in Sec t ion 
11.15 of the 1971 !\CI Building Code (1). The 
shear-friction procedure states that shear -stresses 
along an assumed crack may be resisted by fric
tional stresses. The frictional stresses are cal
culated as the product of the normal stresses that 
prevent opening of the crack, and a coefficient of 
friction characteristic of the materials on each 
side of the crack. The normal stresses are devel
oped by "reinforcement" across the assumed crack. 

The connection detail designed for the MARTA 
system employed pretorqued high-strength bolts as 
"reinforcement". Besides practical considerations 
such as ease of installation, these bolts were 
expected to produce the following additional 
benefits: 

1. A clamping force 
compression in the grout 
deck slab. This ensured 
girder and deck slab. 

was provided to maintain 
layer between girder and 
composite action of the 

2. The pretorquing 
eliminate stress changes 
effects. 

of th• 
and 

bolts tended to 
minimize fatigue 

Existing experimental data on connections 
designed by shear-friction cover the caaes of 
static loading to destruction. These appeared ade
quate for load factor designs of members subjected 
to relatively low number of loading cycles. How
ever, no data existed concerning the integrity of 
these connections under repeated loads approaching 
5-million repetitions. 

This paper describes 16 test specimens that 
simulated the joint between the precast deck and 
the girder of the MARTA structure. The specimens 
were subjected to repeated loads of either 2 or 
5-million cycles. The tests provided a means to 
determine the behavior of the ' connection under 
repeated loading. 

Conclusions 

1. Slip occurred prior to or during repeated 
loading as a result of breaking of the bond at the 
joint surface. T~e amount of slip increased with 
increasing number of cycles. However, the rate of 
slip decreased with increasing number of cycles. 

2. The load at initial bond slip increased as 
the precompression of the joint surface increased. 

3. The amount of initial bond slip decreased 
as the precompression increased. 

4. All specimens that survived the repeated 
loading tests also resisted increasing static load 
up to a maximum slip of about 25-mm (1-in.) without 
sudden failure. The load versus slip relationship 
was parabolic with a steady loss of stiffness with 
increasing load. 

5. Load capacity after 5-million cycles was 
reduced by an average of 5' as compared to speci
mens subjected to 2-million cycles. The maximum 
reduction was 14,, 
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Re~ndation• 

Baaed on the teet r••ults and the concluaion11 
outlined above, it 11 rec:omended that: 

1. The boltl ahould be debonded over their 
entire length prior to torquing to ensure an effec
tive prestreM. 

2. The coefficient of friction uaed for shear
frictii:in design of bolted oonneotiona should be 0.7 
for both precast concrete to precaat concrete and 
precast concrete to rolled steel surf aces. The 
des ign yield etrength of the bolt• should not 
exceed 414 MPa (60 kai), even if the yield strength 
of the bolt• ia higher. 

BltP!rimental Program 

Thia section describes the procedure used to 
manufacture and test the specilllens. 

Test Spec illlen11 

The test specilllen11 as shown in Figs. 1 and 2 
consisted of a portion of concrete deck slab 
grouted and bolted to a portion of the girder. The 
girder portion represented either a concrete or 
structural steel beam. Details of all specimens 
are listed in Table 1. Teat loading consisted of a 
fatigue teat with repetition of specified loads 
followed by a static teat to destruction. All 
loadings subjected the speci·men to a sliding shear 
along the joint between the deck and girder 
portions. The minimlllll and maximWll loads were pre
determined for the MARTA system and specified by 
the Sponsor. 

Specilllens designated as Type C 
slated of a deok slab and a concrete 
imena designated as Type S consisted 
and a steel girder. 

specimens 
girder. 
of a deck 

con
Spec

slab 

In the specimen designation, the number follow
ing the C or s indicates bolt diameter in 3.2-mm 
(1/8-in.) multiples. Bach specimen with the desig
nation mark ·-2• indicates repeated loading for 
2-million cycles. The mark •-s• indicates repeated 
loading for 5-million cycles. The mnall letter •e• 
preceding the dash in the mark indicates specimens 
in which epoxy grout was used at the interface 
between the deck and girder portions. 

Manufacture of Specimens 

Concrete Girder. The reinforced concrete gir
der portion shown in Fig. 1 was cast with the joint 
contact surface at the bottoJD of the form. A 
stainless steel form-liner on the bottom ensured a 
SlllOOth joint surface on some girders. The form
liner was later sandblaated to produce a rougher 
surface on other girders. Table 1 identifies the 
joint surface condition of the girders. 

Bonding of the bolts to adjacent concrete and 
grout was allowed in 90me specimens and prevented 
in others. In the C9 specimens, the bolts were 
used in the same condition as received from the 
manufacturer. In the C9e specimens, the portion of 
bolts outside the girder part was coated with a 
thin layer of grease. In concrete girders ClO, Cll 
and Cl2, bond was prevented over the full bolt 
length by tightly wrapping the bolts with a thin 
sheet of polyethylene. Rotation of the bolts dur
ing assembly was prevented by '119lding the head of 
the bolts to the girder steel plate with fillet 
welds. 

Concrete CClllPre••ive strength of each ele11ent 
waa obtained from the average of three 150x300- • 
(6x12-in.) concrete cylinders. At teat tlme, the 
concrete strength ranged between 35.2 and 49.6 MPa 
(5100 and 7200 pei, respectively). 

Steel-Girder. The steel girder is shown in 
Pig. 2. Prior to assembly, the steel joint contact 
surface was cleaned following the procedures of 
SSPC-SP3-63 (2), Power Tool Cleaning. To produce 
field practice, the cleaning was not carried to 
perfection. 

Bond of the bolts to the adjacent grout was 
prevented in two ways. In the Sl2 specimens the 
bolts were greased. In the SlO and Sll specimen• 
the bolts were covered with a thin sheet of poly
ethylene. 

Concrete Deck Slab. The reinforced concrete 
deck slab shown in Figs. l and 2 was cast with the 
joint contact surface at the bottom of the form. A 
stainl ess steel fora-liner on the bottom ensured a 
smooth joint surface on some. deck alaba. The for• 
liner was later aandbla•ted to produce a roughet 
surface. Table 1 identifiea the joint surface con
dition of the deck alaba. 

Concrete c:o111pre11aive strength was obtained from 
the average of three 150x300-11111 (6xl2-1n.) concrete 
cylinder•. At test time the concrete compr•••ive 
strength ranged between 34.5 and S0.3 MPa (5000 and 
7300 psi, respectively). 

Assembly of Specimens 

Two types of grout were used between deck and 
girder elements: 

1. High strength, non-shrink grout 
2. Epoxy grout 

The compressive strengths of both grouts were 
obtained from tests of 51-11111 (2-in.) cubes. At 
test time the cube strength of 'the non-shrink grout 
ranged between 48.3 and 57.2 MPa (7000 to 8300 p•i, 
respectively). The cube strength of the epoxy 
grout ranged between 51.7 and 5S.2 MPa (7500 to 
8000 psi, respectively). 

In the specimens where non-shrink grout was 
used, the joint surfaces were sprinkled with water 
1/2-hour before the grout was mixed. Excess water 
was brushed away. 

When epoxy grout was used, the joint contact 
surface• were lightly wire brushed to remove any 
form oil, laitance, or other material which could 
prevent bond between the grout and the concrete. 

To assemble the speciJDen, the girder portion 
was positioned with the joint surface horizontal 
and upward. The grout was prepared and placed on 
the contact surface in a layer with a thickness of 
more than 6 .35-llDD (1/4-in.). The deck slab was 
then placed over the bolts and in contact with the 
plastic grout. Excess grout was squeezed out until 
the de<lk rested on 6.35-mm (l/4-in.) spacers. In 
all speci1Den11 the contact area grouted vas the full 
width of the girder portion over a length of 
0.915-m (3-ft). 

In all specimens, the blockout portion below 
the steel plate in the deck slab waa · then filled 
with non-shrink g~out packed thoroughly by Ileana of 
a compacting rod. The upper bolting plate was 
placed in position and the nuts finger tightened. 

When the grout attained a compressive strength 
of 27.6 MPa (4000 pei), the bolts were tensioned to 



. . 60• of their yield stress of 558 MPa (81 ksi) by 
applying torque in increments to the nuts • 

The calculated torques (3) for a bolt stress of 
335 MPa (48.6 ksi) are listed in Table 2. All 
threads and washers w.re cleaned and lubricated 
with grease before torquing. 

Testing Procedure 

Initial Static Teat. The specimen was posi
tioned in the loading frame with the joint contact 
surface vertical as shown in Fig. 3. The base of 
the girder portion rested on a high strength plas
ter leveling course on the bed of the fra111e. Two 
490 kN (50 ton) loading rams located above the 
specimen and 0.915-m (3-ft) apart, applied the load 
to the specimen through a rigid steel cross beam. 

A dial gage was attached at mid-height of the 
joint on each side of the specimen to measure joint 
slip. The average change of the dial readings is 
reported as slip. 

The specified maximum load, Pmax, shown in 
Table 1 was applied to each specimen. The relative 
slip of the deck with respect to the girder was 
recorded at increments of 44.5 kN (10 kips). Maxi
mum load was sustained for 3 minutes and the slip 
was again recorded. The applied load was then 
reduced to the specified minimum repeated load in 
preparation for the repeated load test. 

Repeated Load Test. The applied load was var
ied from the minimum Pmin• to the maximum force, 
Pmax• specified in Table 1. The loading rate was 
500 cycles per minute. The cyclic loading was 
applied continuously for either 2 or 5-million 
cycles. 

Except for the C9 and Sl2 specimens 
the slip gages were removed during the 

in which 
repeated 
to the loading tests, gages were left attached 

specimen. Slip was recorded at least once a day 
together with the number of cycles completed. 

Static Test to Destruction. Static tests to 
destruction were performed in a 4.45-MN (1-million
lb) testing machine. The specimen was positioned 
with the joint contact surface vertical as shown in 
Fig. 4. The base of the girder portion rested on a 
thin sheet of plywood on the lower bed of the 
machine. The movable loading head of the machine 
contacted the deck slab ele111ent through a high 
strength plaster leveling course. The joint con
tact area of the specimen was centered with respect 
to the loading head. The slip gages were reset to 
make use of their maximum travel. 

Load was applied in increments. In the early 
stages of loading, slip was recorded in increments 
of 89 kN (20 kips). At higher loads the slips were 
recorded in increments of 44.5 kN (10 kips). In 
most of the specimens, the static load was sus
tained for a short time at two different load 
levels in order to observe the crack patterns. In 
such a case, slip was also recorded at the end of 
the period, together with the length of time the 
load was sustained. The test was terminated when 
the total slip space was exhausted. This maximum 
slip was about 25-1111 (1-in,) for the concrete to 
concrete specimens and about 32-mm (1-1/4-in.) for 
steel to concrete specimens. 

Test Results and Discuasion 

Specimens C9 and C9e broke prematurely prior to 
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application of the specified maximum repeated 
loads. Therefore the results of these specimens 
are excluded from the analyses. All other speci
mens survived the repeated load test and were 
loaded to destruction. 

Initial Bond Slip at the Joint Surface 

Specimen C9-5 was not subjected to the initial 
static test and the bond broke at the joint surf ace 
during application of the repeated loads, Bond 
broke at the joint surface of Specimens C9-2, C9e-2 
and C9e-5 during the initial static test. 

For the C9 and C9e specimens, excessive 
initial bond slip occurred at low loads. The size 
of the bolts of these specimens was smaller and the 
torquing of the bolts was probably ineffective 
because of the bond of the bolts with the adjacent 
concrete and grout. 

In Specimens ClO, Cll and Cl2-2, bond broke at 
the joint surface during the static test to 
destruction. In Cl2-5 it occurred after 1 day of 
repeated loading. 

In all the steel to concrete specimens, the 
bond broke at the joint surface during the initial 
static test. 

A summary of the loads and stresses at which 
the bond broke at the joint surf ace is given in 
Table 3. Shear stress at failure is calculated as 
the applied load divided by the joint surf ace 
area. The concrete to concrete •c• specimen had a 
contact area of 0.465 sq.m (720 sq. in.), while the 
steel to concrete •s• specimens had a contact area 
of 0.290 sq,m (450 sq.in.), 

The load at initial bond slip tends tc1 
increase with prestress in each specimen type. 
However, the relationship cannot be defined 
precisely with the limited amount of data. 

Table 3 summarizes joint slip that occurred 
during the initial static and repeated load tests. 
During the initial static test, slip was recorded 
as the load reached the specified maximum force. 
Slip was again recorded after the specified maximum 
load had been sustained for 3 minutes. Slip was 
also recorded after the specimen had survived 2 or 
5-million cycles. 

Data in Table 3 shows that generally the •c• 
specimens exhibited very little slip, while the 
specimens had a substantial slip. When the 
broke before or during the cyclic test, e.g., 

•s• 
bond 
all 

•s• specimens, the slip increased during the 
repeated loading test. 

Slip During the Static Test to Destruction 

Load versus slip curves obtained during the 
static tests to destruction are shown in Figs. 5 
and 6 for the •c• and •s• specimens, respectively. 
The slip plotted in these figures do not include 
any permanent movement that occurred during the 
initial static and repeated load tests. Generally, 
the specimens previously subjected to 5-million 
cycles of loading i~dicate reduced load at larger 
deformations than for companion specimens loaded to 
only 2-million cycles. 

Strength by the Shear-Friction Procedure 

According to Section 11.15 of ACI 318-71 <!l, 
the strength of a joint by shear-friction is1 
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Figure 1. Type "C" specimen. 
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Table 1. Test specimens, 

Bolt 
Plate Thickness Repeated Load 

Bolt Concrete 
Spcl.aen Size 

(mm) (l<N) 
in .Joint 

(1111) 
tl (deck) t2 (girder) I Pmin Pmax 

Blockout surface 

C9-2 28 .6 31.8 28 .6 200 600 bonded smooth 
C9-5 28 ,6 31. 8 28 .6 200 600 bonded smooth 

C9e-2 28 .6 31 . 8 28 .6 200 600 unbonded* smooth 
C9e-5 28.6 31. 8 28 . 6 200 600 unbonded* smooth 

Cl0-2 31.8 41.3 38.1 111 400 unbonded rouqh 
Cl0-5 31. 8 41. 3 38 . 1 111 400 unbonded rough 

Cll-2 35. 0 47 . 6 44.5 178 556 unbonded rough 
Cll-5 35 .o 47 .6 44.5 178 556 unbonded rough 

c12-2 38 . l 50 . 8 47 .6 200 600 unbonded rough 
c12-5 38 .l 50 .8 47 .6 200 600 unbonded rough 

Sl0-2 31.8 41. 3 - 133 423 unbonded rough 
Sl0-5 31.8 41. 3 - 133 423 unbonded smooth 

Sll-2 I 35 .o 47 .6 - 178 512 unbonded rough 
Sll-5 

j :: :: 
47 .6 - 178 512 unbonded smooth 

Sl2-2 50.6 - 222 645 unbonded* smooth 
s12-s 38 .l 50 .8 - 222 645 unbonded• smooth 

*Unbonded using grease - All other bolts unbonded using thin polyethylene 
sheet. 

OOTE: l n111 • 0.0394 in. 
1 kN. 0.225 kip 

Table 2. ~pplied torques. 

Bolt Size Torque 

(11111) I (in.) I (N .m) (ft. lb) 

I 

28.6 1-1/8 698 515 

31. 8 1-1/4 976 720 
\ 

I 
35.0 1-3/8 1315 970 I 

38. l 1-1/2 1729 1275 I 

I 

Table 3. Joint bond failure and joint slip. 

I Initial Bond Slip Joint Slip (lllD) 

I Specimen 
.Joint 

Mark l Load I Shear Pre9tress• 
Initial Initial I After Repeated 

(l<N) Stress (MP a) 
Static Load +3 min. Loading 

I I , (MPa) 

I 
I 

I 

l 

I 

C9-2 
I I I 436 0 .94 1.86*'* - -

I C9-5 534 ! l.14 1.86** - -
C9e-2 578 I l. 24 l. 86** l.820 2. 222 

C9e-5 I 445 I 0.96 l.86 .. 2.960 3. 454 

Cl0-2 654 : 1.41 2. 28 I 0 .003 0 .005 

Cl0-5 I 721 l. 55 2. 28 I 0.005 0.008 

CU-2 796 l. 71 2. 75 I 0 .005 0 .005 I 
Cll-5 645 l. 39 2. 75 0.013 0.013 

Cl2-2 685 l. 47 3. 30 0 .010 0 .010 

Cl2-5 • • 3 .30 0.010 0 .010 

Sl0-2 365 I l. 25 3. 65 l. 200 l. 270 

Sl0-5 374 I l. 28 3.65 l.450 l. 540 

Sll-2 • I • 4 .40 0 .140 0 .157 

Sll-5 I 512 l. 76 4 .40 0.419 0 .437 
I 

Sl2-2 l 534 I l.83 

I 
5. 85 0.673 o. 7 37 

Sl2-5 445 
I 

l. 53 5 .85 l. 550 -
*Intended bolt force divided by joint surface ares. 

**Actual value is probably much less since bolts were bonded. 
+Bond failure during repeated loading. 

t«lT!l: l kN • 0. 225 kip 
l MPa • 145 piN. 
l-• • 0.0394-in. 

-
-
-
-

0. 008 

0 .010 

0. 005 

0.013 

0 .025 

l.130 

l. 980 

l. 960 

l.140 

l.820 

-
-
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Figure 3, Repeated load test setup. 

Figure 5. Load versus slip during static test to 
destruction for the "C" specimens. 
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Figure 4. Setup for static loading to destruction. 
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Figure 6. Load versus slip during static test to 
destruction for the 118 11 specimens. 
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Figure 7, Experimental versus calculated strength. 
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where 

Avf • 
µ • 

the total applled design shear force 
a cap.:lty reduction factor 
the speclf led yleld strength of non
prestreslled reinf oroement 
area of shear-frlctlon reinforce11ent 
the coefficlent of friction 

In the ACI Code <.!>, the specified coeffi
cients of shear- friction apply to concrete cast 
monolithically, to concrete placed 1119ainet hardened 
concrete, and to concrete placed against as rolled 
structural steel. Also, ln calculating the area of 
the shear-friction reinforce.ment, the shear
fr ictlon formula stipulates tha t the specified 
yield strength is that of non-prestressed rei~ 
forcement and shall not exceed 41' MPa (60 ksi). 

In the specimens t.ested, precast concrete was 
bOlted to either precast concrete or rolled struc
t ural steel. Moreover, the bolts (shear-fricti on 
reinforcement) were pretorqued. 

In spite of the above differences, the experi
mental m.aximum static load is plotted versus the 
yi eld strength of the bolts in Pig, 7. The yield 
strength of the bolts is computed assuming that for 
all specimens~• l.O, and fy • 414 MPa (60 ksi), 
maximum value allowed by the present code. The 
shear-friction equation is also plotted in Pig, 7 
for the specified coefficients of friction; µ• 0.7 
for concrete cast a<3ai net rolled steel andµ • 1.0 
for concrete cast against concrete. 

The plot of Pig. 7 indicates that a coeffi
cient of friction of 0.7 for concrete on rolled 
steel produces a conservative estimate of 
strength. It will be recalled that the experi
mental load is defined as the load that corresponds 
to an arbit rary slip value of about 25-mm (1-in. ) . 
Data for concrete on concrete with the coefficient 
of 1.0 i ndicates a satisfactory prediction of 
s trength after 2- million cycles. The additional 
l oss in stiffness resulting from s-million cycles 
of l oading further reduced the strength and in one 
case resulted in low experimental loads. 

With a coefficient of friction of 0.7 for con
crete on concrete specimens, the ratio of test to 
design loads ranged from a maxlmum of l.68 to a 
minimum of 1.21. 

Smooth Versus Rough Interface Surfaces 

A l im i ted comparison of the effect of the sur
face roughne88 at the interface can be made through 
the SlO and Sll specillens. 

Specimens 910-5 and Sll-5 had smooth surfaces 
wh i le Specimens Sl0-2 and Sll-2 bad rough sur
faces. A comparison of the slip in Table 3 and 
Pig. 6 reveals that the surface roughness of the 
specimens used in this investigation did not affect 
the behavior. 

Concluding Remarks 

Test speclmens representing a bolted connec
tlon between concrete and concrete or concrete and 
steel were sub jected to repeated loads for s
million cycles ~ithout failure. Prestress in the 
joint produced by torquing the n.uts to a specified 
torque enabled the specimens to survive the 
repeated loading without excessive slip. Bowever, 
poaitin treatment is nllC9sHry to debond the bolt 

from surrounding grout so that ten•ion is developed 
in the full length of the bolt durincJ torquing. 

Conclusions and design reca1111endations based 
on this investigation appear at the b1e9innin9 of 
the paper. Subsequent to this investigation, the 
steel to concrete design was modified for use in 
the actual structure. 

Acknowledgments 

Thi s paper i s based on an inveetl9ation spon
sored by Parsons Brinckerhoff-Tudor-Bechtel, 
General Engineering Consultants to the Metropolitan 
Atlanta Rapid Transit Authority (MARTA), D. J, 
Mansfield, Manager of Engineering, Mike Viarnes, 
Structural Specialist. The investigation was 
financed in part through a grant from the U.S. 
Department of Transportat i on, Urban Mass Transpor
tation Administration, under the Urban MaSB Trans
portation Act of 1964, as amended, and in part by 
the taxes of the citizens of Pulton and Del.alb 
Counties of the State of Georgia . The exper imental 
work was carried out at the Structural LabOratory 
of the Portland Cement Association under the <Hrec
tion of B. G. Russell, Manager, Structural Develop
ment Sect i on and W. G. Corley, Director, Engineer
ing Development Department. Particular credit is 
due G. B. Barney for getting the program started, 
and for R, C. O'Neill, Wiil. e. Graves, B. Wiii. 
Fullhart and R. K. Richter, for their assistance in 
the ·manufacture and testing of the specimens. 

Disclaimer 

The contents of this report reflect the views 
of the authors who are responsible for the facts 
and the accuracy of the data presented herein. The 
contents do not necessarily reflect the official 
views or pol i ci es of Parsons Brinckerhoff-Tudor
Bechtel or MARTA. Th i s report does not constitute 
a standard, specif !cation, or regulation. 

References 

l. "Building Code Requirements for Re i nforced 
Concrete", ACI-318-71, Alll.erican Concrete 
Institute, Detroit, November 1970, 78 pp. 

2. "Surface Preparat i on Specif ications - No, 3, 
Power Tool Cleaning", SSPC-SPJ-63, Steel 
Structures Pa i nting Council, October 1963. 

3. Marks, L. S., Mechanical Engineers Handbook, 
Fourth Edition, McGra~Bill Book Co., New 
York, 1941, p. 239. 



. . 

AN INVESTIGATION OF THE FATIGUE STRENGTH OF DECK SLABS OF COMPOSITE STEEL/CONCRETE BRIDGES 

Barrington deV. Batchelor, Queen's University, Ontario 
Brian E. Hewitt, Public Works Dept., Western Australia 
and P. Csagoly, Ontario Ministry of Transportation and 

An investigation of the effects of repeated 
loads on slabs of steel/concrete composite 
bridges - the most common type in highway 
construction - was undertaken to supplement 
static studies conducted under the Ontario 
Joint Transportation and Communications Research 
Program No. Q50. The study which involved tests 
of a number of l/8th scale direct models of a 
typical bridge, was aimed at determining 
endurance limits of the slabs under repeated 
concentrated loads. Main variables were stress 
range, and percentage and arrangement of 
reinforcement. Emphasis was focused on slabs 
with 0.2 percent top and bottom isotropic 
reinforcement, this being the amount recommended 
for use as a result of the static model testing 
phase of the program. The study showed that 
the deck slabs of conventionally designed 
steel/concrete bridges have large reserves of 
fatigue strength. An endurance limit of 50 
percent of t.he ultimate capacity can be 
expected in such slabs. In the case of slabs 
with 0.2 percent isotropic reinforcement, an 
endurance limit of 40 percent of the ultimate 
static capacity can be safely adopted for 
design. These slabs have also performed 
adequately in static tests; and adoption of 
their use, where appropriate, would result in 
considerable reduction of reinforcement 
requirements in bridge decks. 

Baek ground 

The experimental study reported in this paper 
is an integral part of a major program aimed at 
obtaining a thorough understanding of the behaviour 
of concrete bridge deck slabs supported by beams or 
girders. Other parts of the project have included 
extensive testing of deck slabs of model and 
prototype bridges, measurement of horizontal 
membrane forces in circular slab specimens, and an 
investigation of scale effects in model deck slabs 
subjected to concentrated loads. 

It has been found that, contrary to the 
classical plate bending theory developed by Nadai 
and promoted successfully by Westergaard in North 
America, slabs of practical thicknesses carry 
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concentrated loads primarily by compressive 
membrane action, often referred to as "internal 
arching". The development of membrane forces in 
typical deck slabs is a direct result of lateral 
confinement of the loaded slab by its supporting 
members or by adjacent portions of the slab itself. 
Indications are that while a bending component is 
still present, it is not significant as far as the 
load-carrying capacity of the slab is concerned. 

The fact that the major part of the load is 
carried by compressive membrane action permits a 
substantial reduc:ion of the slab reinforcing 
steel requiremeG~3. It appears that the minimum 
amount of steel apecified by ACI for crack control 
against volumetric changes, is adequate to carry 
all present day and probable future live loads. 
Since this reduction entails the elimination of 
two-thirds to three-quarters of the current typical 
reinforcement requirements, it was considered 
advisable to investigate various aspects other 
than the ultimate strengths of these slabs. One 
such aspect reported in this paper is the fatigue 
life of reinforced concrete slabs, an area of 
structural engineering, which has received very 
little attention. 

It is shown that typical deck slabs designed 
with a consideration of the high compressive 
membrane stresses developed when subjected to 
concentrated loads, can be expected to give 
satisfactory fatigue performance, even though their 
reinforcement requirements are nominal. 

Brief Historical Review 

Although it is generally recognized that the 
repeated load that will cause failure of a 
structure is likely to be significantly less than 
the static failure load, the behaviour of bridge 
decks under repeated loads has in the past 
received scant attention. A review of the 
available data related to fatigue of reinforced 
concrete reveals that the past studies were 
primarily carried out on isolated beams as opposed 
to slabs. Exceptions are the studies by Graf 
(reported by Nordby (1) and Loo (2)). It is 
recognized that substantial differences exist in 
the structural responses of reinforced concrete 
beams and slabs, therefore, it appears 
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questionable whether fatigue behaviour observed in 
reinforced concrete beams can be reliably extended 
to slabs. In 1958, Nordby (1) concluded the 
following in a review of fatigue of reinforced 
concrete beams; 

a) Most failures of reinforced concrete beams 
were due to the fracture of reinforcing steel. 
Under-reinforced beams appeared to have a fatigue 
load limit of 60 to 70 pP.rrPnt of the static 
ultimate strengths for a life of 1,000,000 cycles 
of loading. 

b) Except for a fP.w cases, compression failures 
were virtually absent. 

c) Failure was often due to diagonal tension, 
though the real cause of failure was obscured by a 
combination of bond and shear failures. Beams have 
failed in shear under repeated loads at levels of 
40 percent of static ultimate strength. 

d) Accumulation of residual deflections 
occurred under extensive fatigue loading but some 
amount of recovery was evident during rest periods. 

In an investigation conducted at Queen's 
University on the slabs of a reinforced concrete 
double-T beam bridge, Loo (2) reported that 
different fatigue failure modes occurred in the 
slabs. At loads close to the static capacity, 
failure was mainly due to punching after a small 
number of cycles of loading. At lower levels of 
loading, failure was caused by fracture of the 
reinfordng steel after a large number of cycles. 
Loo found that the fatigue behaviour of slabs 
subjected to concentrated loads could be predicted 
from the fatigue properties of the reinforcing 
steel. Although there was no positive evidence of 
an endurance limit in the slabs tested, Loo 
speculated that this may be as low as one-half of 
their static capacities. 

In a model study of composite bridges (3,4) 
Batchelor and Hewitt concluded that the conventional 
design of the deck slabs of composite bridges is 
very conservative. It was shown that the deck 
reinforcement requirements in such slabs could be 
safely reduced. However, the study did not include 
a consideration of the response to repeated loads, 
of slabs designed by the method proposed which re
sults in a s ubstantial reduction of the reinforcing 
steel requirements. 

Scoue of Investigation 

The study reported in this paper was, therefore, 
undertaken t o t.letermine the fatigue strength of 
composite steel/concrete deck slabs and, in 
particular, the fatigue behaviour of slabs with the 
reduced amount of reinforcement recommended in the 
static studies carried out under Project QSO (3), 
The fatigue study was considered essential in view 
of the considerable reduction of reinforcement 
proposed, and in view of the fact that with the 
increasing intensity of commercial traffic, bridges 
are now required to have longer fatigue life than 
in the past. 

The investigation, which was mainly 
experimental, has shown that deck slabs with either 
conventional orthotropic reinforcement, or with the 
recommended reduced reinforcement ratios, have 
large reserves of strength against fatigue failure, 
thereby confirmi.ng the validity of the design 
recommendations based on the static tests. 

In this report an orthotropic slab is one in 
which the reinforcement ratios provided in a face, 
in two orthogonal directions, are unequal. An 
isotropic slab is one in which the reinforcement 

ratios in a face are equal in two orthogonal 
directions. 

Model Bringf'R And Tests 

The study was carried out on a total of five 
l/8th scale direct models of a 24.4 m (80 ft) 
simply supported four-beam bridge. The prototype 
and uiot.ld bridges a.re detailed in Figure· 1. Dead 
load stresses appropriate to unshored construction 
were simulated in one model. The means of inducing 
deat.l luad stresses, as well as the solutions of 
problems encountered in modelling material 
properties, section properties and stud shear 
connector behaviour, are described in detail 
elsewhere ( 4, 5) • 

The investigation started with the fati~ue 
studies by Dixon (6), and, initially slabs with 
orthotropic reinforcement were investigated. 
Subsequent studies in'rolved top and bottom 
isotropic reinforcement which was found suitable in 
the previous static studies, as well as mid-depth 
reinforcement which would afford maximum cover. 

All panels of a model were tested under 
concentrated loads. A bridge panel is defined as 
that portion of the deck bounded by adjacent bridge 
bee.ms and adjacent diaphragms. The model bridges 
tested are numbered 1 to 5, and the designation of 
the bridge panels is shown in Figure 2. To 
facilitate testing of panels with diffP.rent 
percentages of reinforcement, the amount of 
reinforcement was varied in bridges numbered 3, 4, 
and 5, since it was concluded from previous static 
tests that the behaviour of a panel under load is 
not influenced by the reinforcement of adjacent 
panels. The slab reinforcement in each bridge is 
given in Tabl~ 1. Dead load compensation was 

FIGURE l: DETAILS OF PROTOTYPE AND 
MODEL BRIDGES. 

t=6.lm 6.lm ~6.lm---f-6.1 m~ r ...... ;c;;;;;;r=;;;;;,;;;ur•=-::-~-.;::5=-~=-
~ •'-"'.:""'•t:r.~~ -=--=:~$=.:;;-;;:, 
Lai ,=-.;;::,.~ =, _ --= --1-=-=-.E--= i = ~E

'=-=--=~ :,~-:::-~.=-:?~~==-:.. L -- - - -:· 

E 
E PLAN 

CD r... 

0•+- l'r!!!""S!!""'ii 
SECTION A A SECTION BB 

Beams 48WWF-Rl97 
Diaphragms 2 No. 18 C 42.7 

FIGURE 2: DESIGNATION OF BRIDGE 
PANELS. 

DIAPHRAGMS 

BEAMS 



TABLE 1, DETAILS OF MODELS 

REINFORCEMENT 

BRIDGE PANELS PANELS PANELS PANELS 
NO. 1, 2, 3' 4, S, 6 , 7' 8 , 9 , 10. 11, 12' 

1 ORT 0 RT ORT ORT 

2 0 RT ORT 0 RT ORT 

3 0. 4%1111 0. 2% ZERO 0.2% 

4 a. 4°1o ZERO 2" If** 0.2o/o 

5 51 mm 76 mm NONE 25 mm 

LOGITUDINAL SECTIONS 

ll NORMAL (AS PER AASHTO) 
ORTHOTROPIC 
REINFORCEMENT 

ll~HOP AND BOTTOM 
ISOTROPIC REINFORCE
MENT (DESIGNATED BY 
REINFORCEMENT 
PERCENTAGE) 

lflllfMID-DEPTH ISOTROPIC 
REINFORCEMENT 
(DESIGNATED BY 
REINFORCEMENT 
SPACING) 

11-_,a.__ _ __,,._•--11 ~"NEE 
i [l:t=:J•C::=::::!-::1~l1 -~ 

:fJ! 

applied to bridge No. 2 and the results of tests on 
this model indicated that for the scale of the 
model and with the types of slabs involved, dead 
load compensation could be eliminated. 

In all cases the single concentrated load was 
applied at the centre of a panel through a steel 
plate bearing on a neoprene pad. The contact area 
modelled an ellipse with major and minor axes of 
762 mm and 508 mm (30 and 20 in) respectively, 
which represents the assumed contact area of the 
pneumatic tires of large trucks. Loading was 
applied by means of an MTS closed loop 
electro-hydraulic testing system. A number of 
panels of each model were tested to failure under 
static loading. The static failure load was then 
used to set the maximum load of the fatigue 
loading function for the corresponding panels of the 
particular model. The fatigue loading was 
continued until panel failure, or up to a minimum of 
2,000,000 cycles of loading. The AASHTO Standard 
specifications for Highway Bridges (7) specify 
2,000,000 as the number of cycles of maximum stress 
to be considered in design. 

The applied dynamic load was in the form of a 
sinusoidal wave superimposed on a mean value. The 
applied load was programmed so that the minimum 
load was of the order of 890 N (200 lb), and the 
maximum load was a proportion of the estimated. 
static strength of the panel. The frequency of the 
applied load was varied for different tests because 
the response of the dynamic loading system was 
influenced by the travel of the loading ram and 
therefore by the bridge deflections. Frequencies as 
high as 5 Hz could be used for tests in regions 
near the end supports of the bridge where the 
deflections were small. On the other hand, in tests 
towards mid-span of the bridges, frequencies as low 
as l Hz were necessary. Nordby (1) has noted that 

a rate of testing between 1 and 7 Hz has little 
or no effect on the fatigue strength of plain 
concrete, and it is considered that the variation 
of the testing rate in this investigation did not 
significantly influence the fatigue behaviour of 
the deck slabs. 

Model Material Pronerties 

Concrete 
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A special concrete suitable for structural 
models, and which was developed at Queen's 
University, was used for the bridge deck slabs. 
Although a very fine aggregate was used, the ratio 
of tensile to the compressive strength for this 
concrete is similar to that of prototype concrete. 

The properties of the concrete of the deck 
slabs of the model bridges are given in Table 2. 
The tabulated compressive and tensile strengths 
were determined from 102 mm x 203 mm (4 x 8 in) 
cylinders which were tested about halfway through 
the testing program for a particular bridge model. 
The tests conducted under Project Q50 (3) indicated 
that the static ultimate load carrying capacity of 
rectangular slabs of a composite bridge deck is not 
significantly influenced by the strength of the 
concrete. It was therefore considered reasonable 
to assume that the concrete strength had little 
influence on the fatigue behaviour of the bridge 
decks. 

Reinforcing Steel 

The reinforcement used in the models was a 13 
gauge wire having a diameter of 2.32 mm (0.0915 inJ 
and manufactured by the Steel Company of Canada 
Ltd. The wire ·•as indented and specially annealed 
so that it had a yield stress conforming to ASTM 
Standards for i~termediate grade steel. 

Table 2. Model concrete properties 

Splitting 
Bridge No. Age when Compressive tensile 

tested strength strength 
f' ft c 

(days) MP a MP a 

l 28 35,54 2.48a 

2 64 37,65 Not done 

3 43 33,37 3,30 

4 23 31.30 3,35 

5 35 37,54 3,29 

aDifferent mix from others 

Note: 1 MPa = 0.145 ksi 

The fatigue behaviour, in tension, of the model 
reinforcement was investigated in a series of tests 
using a Sonntag Universal Testing Machine. This 
was done to determine whether, as suggested by 
Loo (2), there was any relationship between the 
life of the slab and that of the reinforcement. As 
in the case for the model bridges, the applied 
dynamic load was in the form of a sinusoidal curve 
superimposed on a mean value. The minimum load 
was set near zero and the maximum load was a 
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proportion of the ultimate strength of the 
reinforcement. The load function was applied at a 
frequency of 30 Hz. In Figure 3 the ratio of 
maximum load to the ultimate load is plotted 
against the number of cycles to fatigue failure of 
the reinforcement. There is some scatter, but it 
is clear that fatigue failure is unlikely in any 
practical situation at any load ratio less than 
about 0.6, which can be taken as an approximate 
value of the endurance limit for the reinforcing 
steel. 

Observations 

Failure Mechanism 

A total of 37 panels were tested to failure 
under fatigue loading and all but a few failed by 
punching. The crack patterns up to failure were 
much the same as those obtained in punching 
failures under static loads. Cracking was 
observed after a few cycles of repeated loading. 
The cracks then widened and spread as the number of 
cycles of loading increased, until a relatively 
stable condition was reached in which crack 
propagation was much reduced and any change was 
imperceptible over a period of a few hours of 
testing. All visible cracking was observed to be 
confined to the panel under test, and there was no 
spreading of the cracks into adjacent panels. The 
punched area after fatigue failure was often 
larger and less symmetrical than that resulting in 
failure under static loading, particularly in slabs 

FIGURE 3: LOAD RATIO VERSUS NUMBER 
OF CYCLES TO FAILURE FOR 
SLAB REINFORCEMENT. 
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with little or no reinforcement. In some cases, 
fracture occurred in the bottom slab reinforcement 
within the loaded area. 

Flexural failures resulted in six panels having 
little or no reinforcement. It cannot be Gaid that 
such panelG always failed in flexure; however, 
panels with orthotropic reinforcement or with 0.4 
or 0.6 percent isotropic reinforcement always 
failed in punching. Imminent flexural failure was 
usually indicated by crushing and spalling of the 
concrete along lines radiating from the loaded area 
on the upper surface of the slab. 

Deflection Behaviour 

Typical net slab deflections are plotted in 
Figure 4. These deflections were measured during 
static testR rArri Pn nnt. hAfnrf! 11.nn A.ftf"r fatigue 
tests in which the panel did not fail. In the 
fatigue test of t.he orthotropically reinforced 
panel, over 3 million cycles of loading were 
applied with the maximum load being 50 percent of 
Llie "'~ Lllll1J.tetl static strength, whereas over 2 
million cycles of loading were applied to the 
isotropically reinforced panel. It can be seen 
that ln each case there was little loss in 
stiffness up to the maximum fatigue load. The loss 
of stiffness occurred in the initial stages of the 
fatigue tests, and can be attributed only to 
cracking of the concrete. 

The maximum net slab deflection was monitored 
in all fatigue tests. In slabs that did not fail, 
the net deflection increased initially and then 
became constant. In the case of slabs that did 
fail, the net deflection continued to increase up 
to failure. 

Test of Panels with Orthotropic Reinforcement 

The results of the tests of panels with 
orthotropic reinforcement are given in Table 3. 

FIGURE 4: TYPICAL NET DEFLECTION 
VERSUS LOAD, BEFORE AND 
AFTER FATIGUE. 
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In each test the maximum load Pf of the fatigue 
l oad function was set at a proportion of the static 
failure loa~ P 1 of the first tested panel of each 
bridge. It wa~ indicated in the Project QSO report 
o f the static tests that there was considerable 
variation in the static punching loads for panels 
of the same design dimensions and properties, and 
that this variation was at least partly 
attributable to variations in the effective depth 
of the slab. An as~umption that the failure load 
is the same for all panels with the same amount of 
reinforcement neglects the influence of slab 
thickness on punching load. Therefore, in 
assessing the ultimate strength of an 
orthotropically reinforced panel, use was made of 
the relationship in Equation 1 which was. derived 
in Project Q50 for the extremely small slab 
thickness used in the models: 

P' = -1.139 + 1.361 d (kN) 
s 

(1) 
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Table 3 . Results of tests of panels with orthotropic reinforcement 

Bridge Panel 
no. no. 

1 2 
4 
6 
8 

10 
12 

2 1 
2 
3 
4 
5 
6 
7 
8 
9 

10 
11 
12 

Note: 1 mm 
1 kN 

Maximum 
fatigue 
load 
pf 

(kN) 

9.12 
23.36** 
14.41 
17 .93 
16.77 
15.52 

13.66 
13.66 
14.28 
14. 32 
15.30 
14.32 
12.23 
18.37 
17. 35 
20.02 
10.19 
20.42** 

0.039 in 
0.225 kip 

pf 
p 

s 

0. 39 
1.0 
0 . 62 
0.77 
0.72 
o.66 

0.67 
0.67 
0.70 
0.70 
0.75 
0.70 
0.60 
0.90 
o.85 

0.50 
1.0 

** AssUllled static strength Ps 

No. of d 
cycles to (mm) 
failure 

2,052,400 17.6 
1 11 .2 

756,470 17 .4 
1,510 1.6. 5 

91,250 19.1 
103,510 18.1 

165 ,000 17 .4 
166,900 18.o 

10,940 17.6 
6 ,010 25.4 

51 ,040 17 .5 
46,190 17.6 

1,143,130 17.2 
35 17.1 

248 17 . 0 
1 17 .1 

3,039 ,000 16.6 
1 16.9 

Design 17.9 

where P' is the punching load, and d is the slab 
effecti~e depth in mm. The effective depths of 
panels were determined by averaging the effective 
depths measured at a number of points in each panel 
after the completion of testing. Table 3 shows 
average effective depths, static punching loads 
obtained from use of the Equation 1, and the 
resultant ratios Pf/P' of maximum fatigue load to 
the estimated static ~unching load. Panel No. 2 of 
bridge No. 1 and Panel No. 11 of bridge No. 2 did 
not fail under fatigue loading. 

In Figure 5 the ratio of the maximum load to 
the estimated static punching load is plotted 
a~ainst the number of cycles to failure, while 
Figure u is a semi-lov plot of the test results. The 
second order 'line of best fit' shown in Figure 6 
was determined using the method of least squares 
and has the equation: 

pf 2 
pl= 1.0 - 0.102N + 0.006N (2) 

s 

where N is the log. of the number of cycles to 
failure. The static test point P /P' = 1.0 was 
weighted in the least squares analysis. The load 
ratio is equivalent to the stress ratio S, thus 
Equation 2 also defines the S-N curve for 
orthotropically reinforced panels. 

The results of tests with and without dead load 
compensation are indicated in Figures 5 and 6. It 
appears that the panels without dead load 
compensation gave slightly higher fatigue strength 
than the others. However, the scatter of the 
results is no more than is to be expected in 
fatigue studies of reinforced concrete structures; 
and it is unlikely that the lack of dead load 
compensation could have a significant effect on the 
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load 
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fatigue behaviour of the slabs. 
Figures 5 and 6 indicate that the endurance 

limit of orthotropically reinforced panels is at 
least 50 percent of the static ultimate load. The 
static tests suggest that a l/8th scale model of a 
panel of design dimensions has a static strength 
of 23.17 kN (5.21 kips). If an endurance limit of 
0. 5P' is adopted, the strength of a panel of design 
di.me~sions when subjected to fatigue loading can 
be assumed to be 11.56 kN (2.60 kips). If a 
prototype design wheel loads of 71.16 kN (16 kips) 
is assumed, the corresponding model design wheel 
load is 1112 N (250 lbs) and so the factor of 
safety against punching _failure in fatigue is 
approximately 10. If a prototype design wheel 
load of 71 kN (16 kips) and an impact factor of 
0.3 are assumed, the factor of safety is 
approximately 8. Clearly, conventional 
orthotropic bridge deck design is very conservative 
and can be expected to have indefinite life when 
subjected to repeated loads up to the design wheel 
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FIGURE 6: LOAD RATIO VERSUS LOG OF 
NUMBER OF CYCLES TO FAIL
URE FOR ORTHOTROPICALLY 
REINFORCED PANELS. 
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Tests of Panels with Isotropic Reinforcement 

7 

The results of the tests of panels with 
isotropic reinforcement are given in Tables 4 and 5. 
Table 4 shows the results of tests of plain 
concrete panels and of panels with top and bottom 
reinforcement. Table 5 shows the results of tests 
of panels with mid-depth reinforcement. In each 
case, either the effective depth or the thickness 
of the slab is given, so that the possible errors 
in the experimental load ratios can be assessed. 

There are not sufficient results to permit a 
reliable correction of load ratios with variation 
in slab thickness for any slab panels except those 
with 0.2 percent reinforcement. This is the amount 
of isotropic reinforcement recommended in Project 
Q50 ( 3 ,4) t'or the type of bridge slabs under 
consideration. The following equation was 
proposed for calculating static ultimate strength 
(P') of panels with 0.2 percent isotropic 
re fnforcement: 

P~ = -51.650 + 92.674d (kN) ( 3) 

The ratios of maximum fatigue load to the estimated 
static load Pf/P' for panels with 0.2 percent 
isotropic reinfo~cement are shown bracketed in 
Table 4. It can be seen that there was little 
variation in the effective depths of these panels, 
therefore correction would not have significantly 
affected the experimental load ratios, 

Table 4 indicates that the endurance limit 
appears to increase with the reinforcement 
percentage, and for panels with o.4 and o.6 percent 
reinforcement an endurance limit of 0.5, i.e. the 
same as that for orthotropica.J.ly reinforced panels, 
could be adopted. However, with the very high 
factors of safety against static punching failure 
in mind, the tests of the panels with lower 
reinforcement percentages are of particular 
interest. Consequently, allowing for the scatter 
of the test results and errors in the experimental 
load ratios, it is recommended that an endurance 
limit of o.4 be accepted. Thus, a fatigue load 
factor of 2.5 may be adopted. This value appears 
adequate for unreinforced panels and for panels 
with 0.2 percent top and bottom isotropic 

reinforcement. 
On the basis of ultimate strength and 

shrinkage and temperature reinforcement 
requirements, 0.2 percent isotropic reinforcement 
has been recommended (1,4) as thP. minim11m 
reinforcement for the deck slabs of composite 
steel/concrete bridges. The static tests of panels 
with 0.2 percent reinforcement have indicated that 
a l/8th scale model of a panel of design dimensions 
ha! a static »tr·engLh ur 13.GG kN ( 3.0T kips). If 
an endurance limit of o.4 is adopted, the strength 
of a panel of design dimensions when subjected to 
fatigue loading cau lJ~ 1;1.::;::; umed t o be 5. 4 T kN 
(l.23 kips). Thus, if a proto~e design wheel 
load of 71 kN (16 kips) is assumed, the factor of 
safety against punching failure in fatigue is 
approximately 5 for a life of at least 2,000,000 
cycles. If a design wheel load of 71 kN (16 kips) 
and an impact factor of 0.3 are assumed, the factor 
of safety is approximately 4, assuming a load scale 
factor of 64 for the l/8th scale models. 

Table 5 shows that increase of mid-depth 
reinforcement did not significantly increase 
either the static strength or the endurance limit 
of a panel, although the static strengths of 
panels with mid-depth reinforcement were higher 
than those of panels without reinforcement. An 
endurance limit of 0.4 also appears adequate for 
panels with mid-depth reinforcement. 

Panel 9 of bridge number 5, which has been 
left unreinforced, was subjected to over 
6,000,000 cycles of fatigue loading. The maximum 
fatigue load was progressively increased until 
failure occurred. The results of this test are 
given in Table 6. Noting the maximum fatigue 
loads expressed as multiples of the scaled design 
wheel load, and the accumulated cycles of loading, 
it is clear th~t in practical situations fatigue 
failure of composite bridge deck panels of the 
types studied is extremely unlikely. 

Reserve Static Strengths 

Any panels that did not fail under fatigue 
loading were statically tested to determine the 
panel reserve static strength P . Details of the 
fatigue tests and the reserve strengths of these 
slabs are given in Table 7. Again the ratios of 
reserve strength to static strength, i.e. 
P /P , can only be considered to be approximate 
b~caGse of probable errors in the assumed static 
strengths. However, it can be seen that, 
generally, there was little loss of strength of a 
panel after it had withstood 2,000,000 or more 
cycles of fatigue loading. This suggests that if 
failure under the same load has not occurred in 
less than 2,000,000 cycles, then fatigue life 
under the sa111e load function is likely to be 
infinite. In all cases the maximum fatigue load 
was well in excess of the scaled design wheel load 
of 1112 N (250 lb). 

Conclusions and Recommendations for Design 

Deck slabs of steel/concrete composite bridges 
have large reserves of strength against fatigue 
failure. The endurance limit for conventionally 
reinforced slabs can be assumed to be 0.5. The 
endurance limit for slabs with less reinforcement 
than that in conventional slabs can be assumed to 
be o.4. This holds for even unreinforced slabs. 

On the basis of ultimate strength and 
shrinkage and temperature requirements, 0.2 
percent isotropic reinforcement has been 
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Table 4. Results of tests of panels with top and bottom isotropic reinforcement .. 
Nominal Bridge Panel Maximum pf No. of d t Mode of 

percentage no. no. fatigue p cycles to (mm) (mm) failure 
reinforcement load s failure P-Punching 

(p) pf F-Flexural 

(kN) 

Zero 3 7 6.67 0.51 2,000,000* 22.1 
8 8.01 0.61 1,326,ooo 22.7 p 
9 13.08** 1.0 1 22.8 p 

4 4 11. 56** 1.0 l 21. 4 F 
5 8.10 0.70 17,740 22 .5 p 

6 6.94 0.60 2,029,240* 20.9 

5 7 6.09 0.50 682,940 21.4 F 
8 12.19** 1.0 l 20 .9 p 

9 2.67 0.22 2,490,000* 21.2 

0.2 3 5 7,78 0 .50 2,000,000* 19.l 
(0.44) 

6 15.57** 1.0 l 19.2 p 

4 10 13.92** 1.0 l . 18.o F 
11 9,74 0.70 244 '580 17.9 F 

(0 .70) 
12 8. 36 0 . 60 235 ,840 17 ,9 F 

(0.60) 

o.4 3 l 8 . 67 0.50 2,155,660* 20.0 
2 10.41 0.60 3,260 20.6 p 

3 17. 35** 1.0 l 20.4 p 

4 1 8 . 90 0.50 2,000,000* 17 .4 
2 12 .4 5 0.70 266,000 18.2 p 

3 17 . 75** 1. 0 1 18.l p 

0.6 3 10 22.24** 1.0 l 20.l p 

11 11.12 o. 50 2,000,000* 20.0 
12 13. 34 0 .60 425,450 20.0 p 

Design 17.9 22.2 

Note: l mm= 0.039 in 
1 kN = 0.225 kip 

* Did not fail under fatigue loading 
** Assumed static strength (Ps) 
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Table 5. Results of tests of panels with mid-depth isotropic reinforcement 

Reinforcement Bridge Panel Maximum pf No. of t Mode of 
spacing no. no. fatigue p cycles to (mm) failure 

(mm) load s failure P-Punching 
pf F-Flexure 

( kN)* 

76 5 4 10.81 0 . 60 77,020 21. 7 p 

5 18.01** 1.0 1 21.4 p 
6 9.03 0.50 82?.,?50 21.9 F 

51 4 7 11.83 0 . 70 45,030 21.6 p 
8 10.14 0 . 60 453,338 21. 7 p 

9 16.90** 1. 0 1 22 . 0 p 

25 5 1 9 . 34 0.50 507,150 21.4 F 
2 18.68** 1.0 1 21. 7 p 

5 10 7 .12 o.4o 2,000,000* 21.9 
11 17 • 79H 1.0 1 21. 5 p 

12 8,90 0.50 81 7 ,420 21.3 F 

Design 22.2 

Note: 1 mm = 0.039 in 
1 kN 0.225 kip 

* Did not fail under fatigue loading 
** AssUllled sLat iL: tiLL'eHgU"! P 

5 

Table 6. Fatigue test of panel no. 9 of bridge no. 5 (zero reinforcement) 

Maximum pf Multiples of No. of Total Comments 
fatigue p design wheel cycles no. of 
load s load at cycles 
pf load 

(kN) 
level 

2.67 0.22 2.4 2,490,000 2,490,000 

3,27 0.27 2.9 1,999,940 4,489,940 

3,87 0.32 3,5 550,000 5,039,940 

4,94 o.4o 4.4 1,070,000 6,109,940 

6.09 0.50 5 .5 240,000 6. 349 ,940 Failure 



. . Table 7 . Reserve strengths of slabs 

Reinforcement 

Orthotropic 

Isotropic 
None 

0 . 2% 
0.4% 

o.6% 

Mid-Depth 
25.4 = 

Note: 1 = 
1 kN 

Bridge 
no. 

l 
2 

3 
4 
3 
3 
4 
3 

5 

0.039 in 
0.225 kip 

Panel 
no . 

2 
11 

7 
6 
5 
l 
1 

11 

10 

0.39 
0 .50 

0.51 
0.60 
0.50 
0.50 
0 .so 
0.50 

o.4o 

No. of 
cycles of 
loading 

2,050,000 
3,040,000 

2,000,000 
2,030,000 
2,000,000 
2,160,000 
2,000,000 
2,000,000 

2,000,000 

recommended as the minimum amount required. The 
fatigue tests have confirmed that this is adequate 
and that considerable strength against fatigue 
failure is ensured by such reinforcement, together 
with the inherent slab boundary restraint due to 
the composite bridge substructure of beams, 
diaphragms and shear connectors. An endurance 
limit of 0.4, and therefore a fatigue load factor 
of 2.5, should be adopted in design with this 
type of reinforcement. 

Al though mid-depth reinforcement offers the 
advantage of maximum cover, adoption of this type 
o f reinforcement is not recommended since it does 
not satisfy t he conventional temperature and 
shrinkage reinforcement requirements. However, if 
mid-depth reinforcement is used, then, for 
ultimate strength determination, the slab should 
be assumed to be unreinforced and an endurance 
limit of 0.4 and a fatigue load factor of 2.5 
can be adopted. 
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d effective depth of concrete slab, mm 
concrete compressive strength, MPa 

concrete tensile strength, MPa 

maximum load of fatigue load function, kN 

reserve static strength, kN 

Ps assumed static s trength, kN 

P~ estimated static strength, kN 

p percentage of reinforcement 
N log. of number of cycles 
S stress ratio 
t slab thickness, mm 
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A theoretical and experimental study of the 
ultimate strength of the deck slab of composite 
I-beam bridges is summarized. A theory, based 
on a mechanical model proposed by Kinnunen and 
Nylander, for punching failure of simply 
supported slabs, is developed which permits the 
calculation of the punching strength of 
restrained slabs. The theory suggests that a 
deck slab can be expected to have a high 
inherent strength due to boundary restraints 
ensured by the presence of shear connectors, 
beams, diaphragms and the neighbouring slab 
areas. One-eighth scale direct models of a 
24.4 m (80 ft) span prototype bridge were 
tested in laboratory studies of both 
orthotropically and isotropically reinforced 
slabs. Shear connector behaviour and dead 
load stresses appropriate to unshored 
construction were simulated. The results of 
the tests show that conventionally reinforced 
deck slabs have very high factors of safety 
against failure by punching and are wastefully 
reinforced. From considerations of ultimate 
strength as well as shrinkage and temperature 
reinforcement requirements, 0.2 per cent 
isotropic reinforcement is recommended as being 
adequate for bridge slabs of the type studied. 
Although this amounts to approximately 30 
per cent of the current reinforcement 
requirements for such slabs, a high factor of 
safety can still be expected. 

Background 

The research described in this paper was 
tmdertaken to investigate the ultimate strength of 
the concrete deck slabs of composite steel/concrete 
bridges under concentrated loads. It was 
considered that the inherent restraint of slabs of 
structures of this form could result in 
enhancement of load carrying capacity, a~d if this 
were considered in design, the reinforcement of the 
slab could be reduced. This report is a summary of 
an extensive investigation carried out at Queen's 
University (1). 

It is current practice (2,3) to design the deck 
slab of a composite bridge by assuming a wheel load 
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to be distributed over transverse slab strips of 
unit width, that are perpendicular to the direction 
of the traffic. A~er approximating the maximum 
moments to be resisted, the slab strips are 
designed as if they were concrete beams. It is 
understood that slabs designed in this manner can 
be regarded as being safe against shear type 
failures. 

An investigation (1,4) sponsored by the 
Ontario Ministry of Transportation and 
Communications, has confirmed that the 
conventional desi€n of deck slabs of composite 
bridges is very cc.x1servati ve, and that even with 
considerable reduction of the slab reinforcement, 
satisfactory factJrs of safety against failure by 
punching can be anticipated. Similar high 
strengths for restrained slabs have been noted by 
researchers including Taylor and Hayes (5) and 
Batchelor and Tong (6). 

It is shown in this report that, by considering 
the mechanism of failure and following an ultimate 
strength method of design rather than an elastic 
approach, an adequate and more economical slab 
design can be achieved, 

Outl ine of Theory 

The idealized model of failure proposed by 
Kinnunen and Nylander (7) has been proven to give 
a good estimate of the punching strength of simply 
supported slabs (1). The punching shear strength 
of restrained slabs has been investigated (1,4) by 
modifying Kinnunen and Nylander's theory to 
incorporate a boundary restraining force, Fb' and 
a boundary restraining moment, "1,· Both Fb and 
'.:1b are per unit length of slab, and act at the 
J P.VP.l of t.hP. t.P.nslle rE'inforcement at the hmmdary. 
The idealized mechanical model adopted for a 
restrained slab at punching failure is shown in 
Figure 1. 

In Fig. 1, the outer portion of the slab, 
which is bounded by the shear crack and by radial 
cracks, is considered to be loaded through a 
compressed conical shell that develops from the 
perimeter of the loaded area to the root of the 
shear crack. The conical shell is assumed to have 
the shape shown in Figure la, and its thickness is 
assumed to vary in such a manner that the 



• • compressive stresses at the intersection with the 
column and at the root of the shear crack are 
approximately equal. 

The sector element shown in Figure lb is acted 
upon by the external load PS/2n and by the 
following forces which are caused by rotation: 

1. The oblique compression force T8/2n in the 
compressed conical shell. 

2. Horizontal forces in the reinforcement at 
right angles to the radial cracks, with resultants 
Rl. 

3. Horizontal forces in the reinforcement 
crossing the shear crack, with resultants R2 . 

4. Horizontal tangential compressive forces 
in the concrete, with resultants R

3
. 

5, The boundary restraints Fb and M,_ acting 
at the level of the tensile reinforcemen~ at the 
boundary. 

Figure 1. Mechanical model of a slab with boundary 
restraints at punching failure. 

B 

T Irr Conica I she 11 
I 

Shear crack 

(a) SECTION SHOWING BOUNDARY FORCES 

( b) SECTOR ELEMENT SHOWING SLAB FORCES 

The criterion of failure is that punching 
occurs when the tangential strain at the top 
surface of the slab in the vicinity of the root of 
the shear crack reaches a critical value. By 
considering the equilibrium of the sector element 
and adopting an empirical criterion of failure used 
by Kinnunen and Nylander, the theoretical punching 
load, P, can be determined in an iterative process 
using a computer program (1) developed for this 
purpose. This theoretical punching load can then 
be corrected for the dowel effect to give the 
ultimate punching load, V, of the restrained slab. 

During the analysis of reported shear tests, it 
became apparent that the theory of Kinnunen and 
Nylander was unreliable for estimating the punching 
shear strengths of slabs of extreme dimensions and 
material properties. It was found that, for slabs 
with any of the parameter functions outside the 
following limits, the theory generally gave 
inaccurate estimates of the punching load or 
because of limited test results, the theory could 
not be verified. These limits are: 

Parameter function 

C/d 
q 

Est eel 

y 

Limits 

4 - 11 
0.05 - o.45 

186 - 228 GPa 

163 

(27 x 106 - 33 x 106 psi) 
4 - 20 

The equations used in computing the theoretical 
punching load have been derived and presented in 
Reference ( 4) . 

Influence of Boundary Restraints 

A hypothetical slab was analysed in order to 
demonstrate the influence of variations of the 
boundary restr aint on the punching load of a 
restrained slab. The assumed dimensions and 
properties of the slab were as follows: 

Slab thickness (t) 178 mm (7 in.) 
Slab effective depth (d) 140 mm (5,5 in. ) 
Diameter of the loaded area (B) 305 mm (12 in. ) 
Slab diameter (C) 1.83 m (72 in.) 
Reinforcement Ratio (p) 1.0 per cent 
Yield stress of reinforcement (f ) 310 MPa (45 ksi) 
Compressive strength of concretesrf•) 34.5 MPa 

c (5.0 ksi) 

The boundary force was varied from 0 to 1400 
kN/m (0 to 8,000 lb/in.), and the boundary moment 
from 0 to 53.3 kN.m/m (0 to 12,000 lb.in/in). The 
theoretical punching load is plotted against the 
boundary force in Figure 2 for various boundary 
moments. The theory evidently suggests that 
considerable increase of the punching shear 
strength ~fa slab can result from boundary 
restraining forces. 

Few punching tests of restrained slabs have 
been reported in which the magnitudes of the 
restraining forces were known or could be inferred . 
However, tests of prestressed concrete slabs by 
Scordelis, Lin and May (8) have permitted a 
limited investigation of the accuracy of the 
punching load calculated using the theory proposed 
for restrained slabs. Seven prestressed concrete 
slabs were analysed assuming the prestressing 
cable forces to be boundary restraining forces 
acting in the plane of the slab. Estimates of the 
dowel and tensile membrane effects were made for 
each slab and the influence of the unbonded 
prestressing cables was considered. The ratio of 
the test load to the calculated load was found to 

Figure 2. Variation of theoretical punching load 
with edge restraints. 

llO..KIMY IDIENT 
Ii\ (111-kN/m I 

113 
311 
18 
0 

BOLWOARY FORCE Fb (kN/m) 
have a mean value of 1.01 and a standard deviation 
of 0.044. Considering the assumptions made in 
estimating the dowel and tensile membrane effects 
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and in assessing the influence of the unbonded 
prestressing cables, the calculated punching loads 
were remarkably consistent and accurate. Using an 
empirical approach, Scordelis, Lin and May obtained 
ratios with a mean value of l.02 and a standard 
deviation of 0.075. A more in-depth comparison is 
given in Reference (4). Additional comparisons of 
tests by others are provided in Reference 1. 

Restraint Factor 

In pro.ctica.l nituo.tions the boundary resLnlinlng 
forces on a slab loaded to punching failure are 
usually not known and would be difficult to 
calculate or to measure accurately. In a slab such 
as the deck slab of a composite bridge, the 
difficulty is further increased by the likelihood 
of varying support and boundary restraint conditions 
at adjacent boundaries. For these reasons a single 
factor, F , to be termed the 'restraint factor', is 
proposed &hich expresses the slab strength 
enhancement due to practical boundary conditions. 
This factor can be used for the calculation of the 
punching load of restrained slabs by means of the 
largely rational approach already described, though 
it must be noted that the factor is itself empirical. 

The idealized geometrJ of displacement of a 
slab at failure, as used by Brotchie and Holley 
(9), and the resultant maximum boundary stresses 
and forces are given in Fig. 3. The maximum force, 
Tb, per unit length of the boundary in the tensile 
reinforcement at the boundary is given by: 

Tb = d p fsy 

Figure 3. Idealised displacement and maximum 
boundary forces for a restraint slab. 

( a ) GEOMETRY r:F DISPLACEMENT 

Tb•d.p.fsy kN/nt 

Cb=k.~(i ·t) kN/m 

( b) ASSIMED MAXIMUM BOUNDARY STRESSES 
ANO FORCES 

Tb is zero if reinforcement is absent or 
discontinuous at the boundary. The maximum 
compressive force, Cb, in the concrete per unit 
length of the boundary is given by: 

in which k is the ratio of the average stress to 
the maximum stress and depends on the stress 

(1) 

( 2) 

distribution. 
If a parabolic distribution of stress is 

assumed, then k is 2/3 and f is assumed to be 
o.85 f'. The idealized maxifil~ boundary restraints 
are th~n given by~ 

M_ = T ( 2d - t) - C ( d - li t o(max) b b 16 
3 32 6) (3) 

and 

A value of F < 1.0 was introduced to take 
r -account of the fact that the maximum boundary 

restraints would rarely be attained at failure. 
The actual boundary restraints at failure by 
punching are then given by: 

Fr ~(max) 

and 

Fr Fb(max) 

( 4) 

( 5) 

(6) 

It is not implied that the distribution of 
stress at the boundaries and the actual boundary 
restraints at the instant of punching are known. 
It is a fact, however, that F varies from zero 
for the simply supported slab§ usually tested in 
investigations of punching, to unity for slabs 
with a full edge restraint, therefore, F must lie 
between 0 and l for all practical cases bf 
restrained slabs. The restraint factor will 
depend on the properties of the slab as well as on 
the confining s':r'..lcture and can be determined 
empirically for ~ particular slab system. 

After cal:,i_:_~ tion of M..( max) and Fbl max), F 
can be determined for any ~ype 6f restr~ined r 
slab for which ~he punching load is known. The 
lower limit of this factor can then be used in 
determining punching loads for design purposes. 
The values of M,_lmax) and Fblmaxl are dependent 
upon the deflec~ion, 6, and consequently must be 
calculated iteratively. A computer program has 
been developed (:) which calculates the punching 
load of -r-estrained slabs for values of F varying 
from zero to unity in steps of 0. 25. r 

Influence of Restraint Factor 

The typical slab previously described was 
analysed in order to demonstrate the influence of 
the restraint factor on the punching load of a 
slab. The calculated punching load is plotted 
against the restraint factor in Fig. 4. The 
boundary moment and force for each restraint 
factor are also given. By varying the restraint 
factor from 0 to 1, the calculated punching load 
increases through the full range of feasible 
punching loads even though actual values of the 
boundary moment and force are not necessarily used. 

If the punching load of a restrained slab is 
known , the restraint factor can be determined by 
interpolation after calculating the punching load 
for given values of the restraint factor. Slabs 
tested by Taylor and Hayes (5), Aoki and Seki (10) 
and others have been investigated in this way. It 
was found that the restraint factor of a slab with 
no tension reinforcement at the boundary generally 
decreases as the reinforcement index , q, 
( = pf If' ) increases. As a rule, with all 
variaBrescconstant except the reinforcing r atio, 



.. Figure 4. Variation of theoretical punching load 
with re~traint factor. 

~ 
> I g 
.J 

$ 

i 
~ 
i 
~ 

0 
0 

0 

13 

315 630 

40 
I. RESTRAINT OCTa! F, 

53~~Mb 

1260 ~ Faa: Fb 

a slab with low reinforcement ratio will have 
deflected more at failure than one having a high 
reinforcement ratio. Consequently, the boundary 
restraining forces, which are dependent upon the 
slab deflection, are likely to be nearer their 
maximum values in the restrained slab with the 
lower reinforcing ratio, and would therefore have 
the higher restraint factor. Although there were 
limited available test results, the following can 
be tentatively suggested to apply to slabs with 
this form of restraint. 

For 
c B ~ 6.0 and q = 0.1, Fr 0.50, 

and 

For 0.25 

Tests and Observations 

The behaviour of I-beam bridge slabs was 
investigated by testing a total o;' ni:1e l/8th 
scale direct models of 24.4 m (80 ft) span 
four-be3.JTI and three-beam bridges. Apart from the 
usual difficulties of small scale modelling, 
pa:ctic:..liar problems arose in ~he accurate 
modelling of all section properties, stud shear 
connector behaviour and dead load stresses 
appropriate to W1shored constr'.lct ion. The 
solutions co these problems are described in detail 
elsewhere (l,11). The four-beam prototype and 
model bridges are detailed in Figure 5. A view of 
a four-beam model bridge superstructure is given 
in Figure 6. The three-beam model was similar to 
the four-beam model except that the beam spacing 

Figure 5. Details of prototype four-girder bridges 
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Figure 6. View of four-beam model 

was 460 mm (18 in.) and the beams were supplemented 
with bottom flange plates. 

The deck slabs of the bridges were tested to 
failure W1der single concentrated loads applied 
mid-way between adjacent bridge beams through a 
steel plate bearing on a neoprene pad. The contact 
area modelled an ellipse with major and minor axes 
of 760 mm (30 in.) and 510 mm (20 in.), 
respectively, which represents the assumed contact 
area of the pneumatic tires of large earth moving 
equipment. A view of a model bridge and the 
testing arrangement is given in Figure 7. 

Deck slabs with orthotropic and with isotropic 
reinforcement, as well as plain concrete slabs, 
were tested. ~:.2 orthotropic reinforcement 
modelled the "-<n:"orcement of conventional deck 
slabs. Slabs ·,;:'.th isotropic reinforcement at 
mid-depth of c'.:e sl'.i.b, and therefore with maximum 
cover, were a.C.c:o tested. The influences of slab 
span and thic>:::ess, load position, dead load 
stresses, rein~2~cement ratio, and concrete strength 
on the ultimate strength of the deck slabs were 
studied, t:igether with co he ounching streng+h in a 
hog~ing moment r~gion. 

The model briiges ~2st2d are numbered 1 to 9. 
A bridge panel is defir.ed 9.S that portion of the 
deck bounded by 3-d,j 9.cer.t bridge beams and 9.djacent 
diaphragms, and J:9.r.els 'l.cross a bridge are referred 
tn collectively ~s 3~~ips. The bridges and the 
tests 'l.re desce'ibed generally in Table l. Bridges 
numbered l ~o 3 wer'2 ~our-beam bridges, bridge No. 9 
was a three-bear.: bridge. 

A total of 65 tests to failure were carried out. 
All but one of the reinforced panels and some of 
the m1reinforced panels failed by punching. 
Failure by punch~ng usually left a neat elliptical 
hole, a little larger than the loaded area, in the 
top of the slab and a pushed-through plug of 
concrete in the form of a frustum of a cone with 
an approximately circular base. The cracking 
patterns were similar for the slabs of the 
four-beam and three-beam bridges. 

As the load was applied, visible cracking in 
the form of longitudinal and diagonal cracks was 
observed on the underside of the slab. This 
occurred directly beneath the loaded area and 
usually commenced at a load of between 25 and 50 
percent of the failure load. Subsequently, 
transverse cracks appeared on the upper-side of the 
slab on either side of the loaded area in the 
vicinity of the adjacent bridge beams. As failure 
approached, the underside cracking developed into 
a complete pattern of cracks radiating from beneath 
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Figure 7. View of testing arrangement 

Table 1. Models constructed 

Bridge Reinforcement* 
number Strip 1 Strip 2 Strip 3 

1 ORT ORT ORT 

Strip 4 

ORT 

Figure 8. View of cracking pattern at failure of 
panel with 0.2% reinforcement 

Bottom view 

Top view 

Special Tests 

2 ORT ORT ORT ORT Full dead load compensation 
3 ORT ORT 
4 ORT ORT 

ORT 
ORT 

ORT 
ORT 

Some panels with dead load compensation 
Full dead load compensation 

5 ORT zero o.4% 0.2% 
6 o.6% 0.2% 0.6% M Hogging moment in strips .:: and 3 
7 o.4% 0.2% zero o .6% 
8 o.4% zero M 0.2% 
9 o.4% 0.2% zero 0 .6% 

Note: ORT indicates orthotropic reinforcement 

o.6] 
0.4 - is percentage of isotropic reinforcement 
0 .2 

M indicates mid-depth isotropic reinforcement 

the loaded area, and the upperside longitudinal 
cracks lengthened and curved around the loaded 
area. Prior to failure, the cracking pattern 
indicated imminent flexural failure in an 
elliptical fan mechanism and never suggested 
failure by punching. Although accelerated creep 
usually gave some warning, failure was always 
explosive. Cracking rarely extended into 
adjacent panels and, generally, the higher the 
percentage of reinforcement, the more symmetrical 
and closely spaced was the cracking. Views of the 
cracking pattern of a four-beam bridge panel with 
0.2 percent isotropic reinforcement after failure 
by punching, are given in Figure 8. 

Some unreinforced panels and one panel with a 
low percentage of reinforcement failed in flexure 
in elliptical fan mechanisms. Up to failure the 
cracking behaviour was similar to that for all 
other slabs but failure occurred after much creep 

Designation of strips: 

3 4 Strips I 2 I 
;-...~~--'-~~~-'-~~~"--~~--.; 

,--i---i-- -,- -- , 
t---~--+---+-- i 
~/)'. - -t---1- - ~ 
W(..(L. ...l - - - L - _ _J 

- 8 ea ms 
Di apnragm 
Pane I 

and with some crushing o f the concrete on the 
upperside of the slabs along lines radiating from 
the loaded area. The major axis of the fan 
mechanism was aligned with the major axis of the 
loaded area, and the cracking pattern was 
contained within adjacent bridge beams. 

Deflection Behaviour 

Figure 9 shows typical variations of net slab 
deflection with load for a four-beam bridge. There 
was considerable scatter of the net slab 
deflections for panels of the same design but the 
tests plotted in Figure 9 were chosen to show the 
general trend of deflection behaviour. Panels 
with low percentages of reinforcement failed after 
relatively large deflections. Panels with 0.6 
percent isotropic reinforcement behaved similarly 



Figure 9. Typical variations of net slab 
deflection with load for four beam bridges 
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to panels with orthotropic reinforcement and failed 
after relatively small deflections. 

Punching Strength 

Slabs with Orthotropic Reinforcement 

There was considerable variation of the failure 
loads for slabs of the same design. A statistical 
analysis of all the results of tests of 
orthotropically reinforced panels indicated that 
the variation of failure load could be attributed 
to unavoidable variations of the slab dimensions. 
The analysis showed that the failure load is not 
significantly influenced by the position of the 
panel, by previous failures in adjacent panels, 
and by the strength of the concrete or dead load 
stresses. 

Figure 10 is a plot of test punching load for 
orthotropically reinforced panels versus effective 
depth, ~t' to the bottom transverse reinforcement 
Rnd shows the regression line determined using all 
results. There was no significant difference 
between this regression line and those determined 
using only the results of tests with and without 
dead load compensation. It should not be inferred 
that the regression line can necessarily be 
extrapolated for slabs of properties outside the 
range of those which have been included in the 
analysis. The scale of multiples of design wheel 
load shows that the factor of safety against 
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Figure 10. Punching load vs depth to reinforcement
orchotropic reinforcement 
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failure by punching, ignoring impact, was never 
less than 17. 

The punching load for a slab of design 
dimensions determined using the regression line, 
is 23.2 kN (5.21 kips). If a design wheel load of 
71. 2 kN ( 16 kips) is assumed, the factor of safety 
against punching is approximately 21. If a design 
wheel load of 71.2 kN (16 kips) and an impact 
factor of 0,3 are assumed the factor of safety is 
approximately 16. The bridge deck design is 
obviously very conservative. 

In a few cases the load was applied at four 
points simultaneously to simulate a truck with 
wheels 1.83 m (6 ft) apart on axles 4.3 m (14 ft) 
apart. By measuring the extreme bottom fibre 
strains of the bridge beams it was shown that for 
a conventional I-beam bridge under truck loading, 
beam failure is to be expected well before slab 
failure. This is further indication that the 
bridge deck slab design is conservative. 

Slabs with Isotropic Reinforcement 

The average test punching loads for each 
nominal percentage of reinforcement and for panels 
of both four-beam and three-beam bridges are 
shown plotted against average reinforcement 
percentage in Figure 11. The average reinforcement 
percentages were calculated using the means of all 
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the measured effective depths of panels with the 
respective nominal reinforcement. Both flexural 
and punching failures occurred in four-beam bridge 
panels with O.?. percent and with zero reinforcement, 
and it was assumed that flexural and punching 
strengths were the S8Jlle for these panels. Only 
flexural failures, at an average load of 9. 4 3 kN 
(2.12 kips), occurred in the unreinforced panels of 
the three-beam bridge and results of the tests of 
these panels were excluded from the analysis. 

Figure 11 shows that the punching strength 
increases with increase of reinforcement and with 
decrease of span to thickness ratio (C/t). The 
scale of multiples of design wheel loads indicates 
that the factor of safety is always high, even when 
the span to depth ratio is unusually large, and 
that the factor of safety for a panel of a bridge 
of conventional dimensions would be approximately 
13, if impact is ignored. There was some scatter 
of the test results but the factor of safety for 
unreinforced panels of four-beam bridges was never 
less than 10. 

In the usual elastic design only the strength 
due to reinforcement is considered. Only in an 
ultimate strength design can both the strength due 
to the reinforcement and the very significant 
additive inherent strength of the unreinforced 
panel be utilised. 

In tests on a model bridge in which hogging 
moment was induced, it was shown that such a 
moment has little, if any, effect on the punching 
load. It became apparent that extensive 
transverse cracking can be tolerated before any 
decrease in the punching strength of the bridge 
deck is to be anticipated. 

The restraint factors for panels of the 
four-beam and three-beam bridges are given in 
Table 2. The theo:r; was not considered to be 
applicable to the unreinforced panels of the 
three - beam bridges, which all failed in flexure, or 
to the panels with mid-depth reinforcement. The 
restraint factors here quanti~J the actual boundary 
restraints of the panels in terms of the idealized 
m~.xlmwu .rest raints on the boundaries of the 
idealized equivalent slabs. It is seen that the 
restraint factors generally increase with increase 
of percentage reinforcement, This is contrary to 

Figure 11 . Load vs reinforcement percentage -
isotropic reinforcement 
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the findings from the analysis of the tests of 
Taylor and Hayes (5) and Aoki and Seki (10) 
discussed previously, and is thought to be due 
largely to the fa.ct that in bridge panels the 
top reinforcement may also contribute to the 
boundary restraint. 

However, noting the reinforcing indices (q) 
and the diameter ratios (C/B) given in Table 2, it 
is seen that the limits of the restraint factor 

which have been tentatively proposed, also apply 
here although the increase of restraint factor with 
increase of reinforcement is not utilised. With 
the high factors of safety, slabs with very low 
percentages of reinforcement a.re of interest, and 
for design purposes a restraint factor of 0.50 is 
proposed for use in the calculation of the ultimate 
punching strength of the deck slabs of composite 
I-b~ 9.ITl bridges. This would be satisfactory for a 
slab with a span to thickness ratio as high as - 20 
and with a reinforcement percentage as low as 0.2. 

Design Recommenda~ions 

In accordance with the philosophy of the ACI 
Code, the ultimate strength of a structure is 
expected to exceed about two and a half times the 
design live load. The factor of safety against 
failure by punching of an unreinforced panel of a 
four-beam bridge, assuming a wheel load of 71.2 kN 
(16 kips) and an impact factor of 0.3, is 
approximately 10. The study indicated that 
cracking under working loads is not a problem and 
that slab failure is highly unlikely, particularly 
since the bridge beams would probably fail first 
'under truck loading, 

Clearly, if only the punching strength is to 
be considered, reinforcement is theoretically not 
required in the deck slab of I-beam bridges. 
However, the AASHTO Standard Specifications for 
Highway Bridges (2) recommends that 'not less than 
125 in. 2 (81 mm2 ) of reinforcement per foot shall 
be placed in each direction of all concrete 
surfaces to resist the formation of temperature 
and shrinkage cracks'. This amounts to 
approximately ~-2 percent reinforcement for 178 mm 
(7.0 in.) sl'.l -~ with 38 mm (1.5 in.) cover, and is 
here recomme::ied as the maximum reinforcement 
required for :he deck slabs of composite I-beam 
bridges. Us :!1g O.? percent isotropic reinforcement 
rather than : :-.e conve?"Jtional orthotropic 
reinforcemen~ as in the prototype bridge, the 
reinforcement requirement is reduced by about 66 
percent . 

The tests of panels with 0.2 percent 
reinforcement are therefore of particular interest. 
The test punching loads of the four-beam bridge 
panel with 0.2 percent reinforcement are plotted 
against the measured effective depths to the 
bottom transve~se reinforcement in Figure 12. The 
line of regress ion ::if the punching load on the 
effective depth is shown. The scale of multiples 
of design wheel lJad sh~ws that a slab of design 
dimensions has a factor of safety of approximately 
12. Considering a wheel load of 71.2 kN (16 kips) 
and an impact factor of 0.3, the factor of safety 
is greater than 9. 

Thus the design of the deck slab of I-beam 
bridges can be made very simple because only the 
AASH'l'O requirements regarding the temperature and 
shrinkage reinforcement need be satisfied. 
Assuming a restraint factor of 0.50 the ultimate 
strength of any slab with a span to depth rat.in 
within the range of 14 to 21 of the tested panels 
can be estimated. Figure 13 shows a design curve, 
derived using the outlined theory, which relates 
punching loads and span to depth ratios of panels 
with 0.2 percent reinforcement. The punching loads 
were calculated assuming slabs of the following 
dimensions and properties: 

Slab thickness 
Slab effective depth 
Diameter of loaded area 
Slab diameter 2.44 to 

178 mm 
127 mm 
650 mm 

3.66 m 

( 7 in.) 
(5 in.) 
(25.6 in.) 
(96 to 144 in.) 



, 
. . Reinforcement 

Yield stress of reinforcement 
Compressive strength of concrete 
Restraint factor 

0. 2 percent 
310 MPa (45 ksi) 
34 MPa (5000 psi) 
0.50 
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Table 2. Restraint factors for panels of four-beam and three-beam bridges 

Four-beam Bridge Slabs 
Isotropic C/B = 3,7 
Reinforcement Number of q (average) vtest 

(%) Tests (average ) 
(kN) 

o.6 1 0 .055 23 .66 
o.4 5 0 .036 21. 57 
0 . 2 7 0.018 18.01 

zero 3 0 16. 50 

Note: a) Both slabs failed in flexure 
1 kN = 0.225 kip 

Figure 12. PlUlching load YS depth to reinforcement-
0. 2% isotropic reinforcement 
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thickness ratio with restraint ~actor of 0.5-0.2% -
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The loaded area was assumed to be circular and 
of the same perimeter as the assumed elliptical 
tire contac~ area. The slab diameter was taken as 
equal to the bridge beam spacing. The design curve 
could be used to check the ultimate strength and 
the factor of safety against failure by plinching 
of any deck slab of comparable dimensions and with 
the required reinforcement of 0.2 percent. 

The preceding discussion does not apply to 
the exterior cantilevering portions of I-beam 
bridge deck slabs which should be designed by 
conventional methods. The discussion applies 
only to panels with adequate boundary restraint 
the development of which is ensured by the shear 
connectors, bridge beams, diaphragms, and by the 

'.:'h ree-be~~ Bridge Slabs 
C/B = 3.6 

Restraint ;/umber of q (average) vtest Restraint 
Factor 

o. 7L 
0 .66 
0 .60 
0 .57 

Tests (average) Factor 
(kN) 

2 0 . 05 l 0 . ~ 9 
2 0 .036 14.14 0.52 
2 0.018 13.48 0.55 
2a 0 

continuity of the slab itself. According to the 
AASHTO Specifications, "the maximum pitch of shear 
connectors shall not exceed 610 mm (24 in.), 
except over the interior supports of continuous 
beams where wider spacings may be used to avoid 
placing connectors at locations of high stresses 
in the tension flange". The maximum spacing of 
the shear connectors in the model bridges was 
102 mm (4 in.). It follows that theoretically for 
a prototype bridge, shear connectors at spacings 
of up to 810 mm ( 32 in. ) provide adequate restraint, 
and some reduction in the factor of safety for the 
bridge deck could result from shear connector 
spacings in excess of 810 mm (32 in.). Diaphragms 
may need to be provided to prevent spread of the 
bridge beams due to in-plane forces in the loaded 
deck slab, c.'1d it appears that the AASHTO 
requiremen- · are adequate. The end edges of the 
deck slab c::~·uld always be stiffened. 

Mid-de::~o1 reinforcement offers the advantage 
of ensuring ~aximum reinforcement cover but it 
does not sa~:sfy the A.ASHTO requirements regarding 
temperature and shrinkage reinforcement. If, 
despite this, mid-depth reinforcement is used to 
resist the formation of temperature and shrinkage 
cracks, the ultimate strength of the slab could 
be conservatively estimated by assuming it to be 
'.lnrei!l.:'orced. 

Concl'..lsions and Recomr.1endations fcor Further Research 

Con cl •_is ions 

The mechanical model used by Kinnunen and 
Nylander (7) can be modified to predict the 
punching strength of restrained slabs. This 
factor can be empirically determined for slabs of 
unknown boundary restraint. 

The current method of design of the deck slab 
of a steel/concrete composite bridge results in 
the wasteful use ::of reinforcement. The factor of 
safety against failure by punching under a single 
wheel load can be expected to be approximately 16. 
Under truck loading, beam failure can be 
anticipated before slab failure. The pllilching 
strengths of such slabs vary inversely with span 
and directly with reinforcement ratio and 
effective depth. 

The punching strength is not influenced 
significantly by the following factors: 

1. The posit ion of the load on the bridge 
deck slab. 

2. Previous failures of the slab in adjacent 
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panels. 
3. 
4. 
5. 

A hogging moment. 
Dead load stresses and deflections . 
The strength of the concrete of the slab. 

It has been shown that, theoretically, no 
reinforcement is required in the deck slabs of 
composite I-beam bridges if only the ultimate 
strength of the designed structure is considered. 
In view of the AASHTO requirements regarding 
temperature and shrinkage reinforcement in mind, 
0.2 percent isotropic top and bottom reinforcement 
is recommended as the maximUJD requirement. This 
amounts to a reduction of 66 percent of the current 
reinforcement requirements. For a deck of 
conventional dimensions with 0.2 percent 
reinforcement the factor of safety against failure 
by punching can be expected to be about 9. 

A restraint factor of 0.50 should be used for 
the calculation of the punching strength for design 
purposes. 
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THE TRUE BEHAVIOR OF THIN CONCRETE BRIDGE SLABS 

p, Csagoly, M. llolowka and R. Dorton, Ontario Ministry of Transportation and Communications 

It has been observed that thin concrete deck 
slabs supported by beams or girders are 
generally capable of carrying concentrated 
wheel loads far in excess of design values 
established by traditional methods of analysis. 
This capacity appears to be present even if 
the concrete has considerably deteriorated or 
a large percentage of the reinforcing steel is 
lost due to rusting. The usual failure mode 
is that of punching and not flexure, hence 
the load-carrying capacity is defined in 
terms of the former. Under a concentrated wheel 
load, the present AASHTO Specifications, based 
on 2-dimensional plate bending theory, over
estimate the maximum tensile reinforcing 
steel stresses by a considerable margin. It 
has been found that the load-carrying capacity 
of the slab is governed by internal arching 
action, rather than by flexural strength. 
The net result is that a multiple of ~he 
absolute minimum reinforcing is being built 
into thin concrete deck slabs. In the presence 
of deicing salt, too much steel too close to 
the wearing surface usually results in 
extensive spalling of the concrete decks, 
leading to a marked reduction in service life. 
This paper covers the results of an extensive 
prototype investigation. Field testing of 
existing bridges, both composite and non
composite, deteriorated and not deteriorated, 
with a 445 kN (1000,000 lb.) simulated wheel 
load resulted in no permanent damage or 
upper surface cracking to the slabs. New 
prototype deck slabs have been built with as 
little as 0.2% isotropic reinforcement. The 
test results indicate sufficient capacity for 
concentrated wheel loads with steel stresses 
and deflection being at acceptable levels. 
These research findings are being incorporated 
into the new Ontario Highway Bridge Design 
Code. 

In the Province of Ontario, as in most North 
American jurisdictions, the design of thin concrete 
bridge decks supported by girders and/or beams is 
based at present on the AASHTO Specifications for 
Highway Bridges (l)· The deck may be designed to 
act only as the riding surface or, alternatively, 
it may be considered composite with the supporting 

components if shear connectors are employed. The 
beams or girders may be of concrete, prestressed 
concrete, timber or steel. The geometry of support
ing components can be of various types: rectangular, 
with or without voids, I-shaped, and open or closed 
box sections. 

The fundamental concept behind the AASHTO 
provisions is that these slabs, subdivided into 
transverse strips for design convenience, are 
carrying concentrated wheel loads entirely in 
flexure. The format of calculations, until 1974, 
was based on the working stress method. This 
approach, without altering the fundamental concept, 
has been recently modified and a load factor 
method is now used (2). It is also assumed that 
slabs designed for b;nding moment in accordance 
with the AASHTO Specifications can be considered 
safe regarding bond and shear. 

The authors maintain that these concrete slabs 
are greatly over-designed and that a new design 
approach should be developed. This type of bridge 
superstructure is the most common design in 
Ontario (and also in the United States) and 
significant savings in construction costs could 
be anticipated by an improved design method. On 
the basis of this anticipation, a series of 
projects sponsored by the Ontario Ministry of 
Transportation and Communications' Joint Highway 
Research Program was initiated at Queen's 
University in Kingston, Ontario, in 1967. The 
ultimate aim of these projects was to investigate 
the load-carrying capacity of composite I-beam 
bridges. 

Another recent problem with concrete decks is 
spalling (1) resulting from reinforcement corrosion 
due to deicing salts. Corrosion, among other 
factors, is directly related to the depth of cover 
over the reinforcement. A more meaningful para
meter is the ratio of clear cover to bar diameter 
(C/D). It is believed that a C/D value of 3.0 
can provide reasonably good protection. Reducing 
the reinforcing steel requirements can mean smaller 
bar sizes and, consequently, increased concrete 
cover-to-diameter ratio - thereby improving the 
durability of exposed concrete bridge decks. A 
better understanding of their behavior may also 
lead to increasing the absolute cover without sub
stantially reducing the load-carrying capacity of 
these slabs. 

This paper describes part of the research work 
conducted by the Ministry to verify and to 
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implement a revolutionary new method of slab design 
based on the theoretical model for ultimate load 
capacity of the slab as developed at Queen's 
University (4, 5). The physical work included 
field testing of existing concrete decks and the 
design and testing of prototype full-scale decks 
built in accordance with the new theoretical model. 
In this paper, only the field testing of old, 
existing bridges is discussed in detail. The effects 
of uaing reduced amounta of reinforcement in 
prototype bridges are reported elsewhere (.§., 1). 
The results confirm the existence of large ultimate 
capacities of the slabs as predicted by the theo
retical model. 

Recommendations are given to simplify the 
design of most concrete decks, to substantially 
reduce the reinforcing steel requirement and to 
develop standardization of deck reinforcement. 

Sac kg round 

The initial research conducted at Queen's 
University indicated that the ultimate strength 
of concrete deck slabs of composite steel/concrete 
bridges under concentrated load was about one order 
higher than predicted by the AASHTO design method. 
It was also observed that the mode of failure is 
in punching shear, not flexure, suggesting the 
presence of considerable membrane forces providing 
for load-carrying by internal arching. 

It was also shown that satisfactory factors of 
safety against failure by punching can be anti
cipated even with reduced slab reinforcement as 
illustrated in Figure 1. It can be seen that the 
effect of reducing the amount of reinforcement 
from the customary 1.0 to 0.2% causes a drop of 
about 20% in the load-carrying capacity at the 
practical span-to-thickness ratio. It is also 
evident, that the most important parameter is 
this ratio. In Appendix A it is shown that stresses, 
regardless whether related to flexure or internal 
arching, decrease with the square of the slab 
thickness. 

The ultimate capacity is greatly influenced by 
the degree of lateral restraints present (Figure 2). 
These restraints prevent the horizontal movement 
and rotation of the slab adjacent to the point luad 
by developing for ces due to the physical boundary 
conditions such as massive continuity of slab, 
bracings, diaphragms, shear connectors and laterally 
stiff beams. However, this unaccounted-for strength 
of slabs due to boundary conditions can only be 
utilized if the designer knows the degree of 
restraints present. 

Since the theoretical model was verified only 
on small scale models, it was decided to test a 
number of existing decks in order to determine its 
applicability for prototypes. Existing decks, 
generally deteriorated to varying degrees, with 
variable sup~orting elements were subsequently load 
tested. 

Objec t i ves 

The three main objectives of the field testing 
of existing decks were as follows: 

1. To ensure that no slab failure is caused 
by a concentrated test load of 445 kN (100 kips). 
This no-failure criterion for existing deteriorated 
decks ensures a factor of safety of 5 against the 
maximum measured wheel loads of 90 kN (20 kips) in 
Ontario. 

2. To determine if different types of slab 
and girder bridges provide different degrees of 
confinement or restraint. For example, is there a 
difference in slab strength, due to restraint 
factor, between composite and non-composite slabs, 
or between concrete and steel girders ? Consequently, 
the test bridges chosen were of four categories: 

B 
c 
D 

3. 

Non-composite steel girder and concrete 
slab. 
Composite steel girder and concrete slab. 
Concrete beam and slab (monolithic). 
Composite AASHTO girders and concrete 
slab. 

To establish the lower bound restraint 
factors for each category. These factors were to be 
based on a comparison between the experimental 
data and the theoretical analysis. 

Testing Procedure 

Prior to the testing program, a total of 40 
bridges were chosen to obtain a wide range of 
parameters of span, slab thickness, age, deterior
ation, bridge type and reinforcing. Due to testing 
difficulties and/or lack of sufficient data 
regarding the concrete deck and its strength, 
data from only 32 bridges were exam i ned and 
included. There were 13 Type A, 9 Type B, 8 Type C, 
and 2 Type D bridges. These were generally older 
structures and had deteriorated to varying degrees 
of disrepair by the time of testing. 

The testing apparatus is shown in Figure 3 . 
The test load of 445 kN (100 kips) is hydraulically 
controlled and applied through the loading apparatus 
attached to t he underside of the trailer. The test 
vehicle has a weight of 212 kN (47.8 kips) and is 
loaded with 378 kN (85.0 kips) of concrete blocks 
for a total l oad of 490 kN (132.8 kips). The 
test load is applied, by a hydraulic ram, through 
two 254 mm (10 in.) square pads with a 76 mm (3 in.) 
space between them. These loading pads simulate 
the footprint of a dual tire wheel. 

Once the load positions were established, the 
load was gradually applied and the deflection at 
the point of load application, as well as the load 
recorded on an X-Y plotter. The load was monitored 
by a pressure transducer and the displacement 
measured by a transducer riding on a J.7 m (12 ft.) 
long aluminum bar simply supported at the ends as 
shown in Figure J. Accordingly, the meM111rPd 
displacement is based on the assumption that the 
support points of the bar, being remote from the 
load position, exhibit insignificant vertical 
movements. The orientation of the bar was always 
parallel to the traffic lanes. 

Test Results 

Figure 4 illustrE1~es _a _ typica_l tes!; _ pl,Q_t o_f _ 
load versus deflection. As can be seen, the test 
consists of applying the test load in a cyclic 
manner until the load-vs-deflection plot is 
repetitive and shows no further progressive 
permanent deflection upon application of load. 

With each test bridge, an attempt was made to 
obtain concrete cores near the test paints. Thereby, 
the effect of matured strength of the concrete deck 
due to time could be included in the evaluation of 
the results. The compressive strength of the 
various decks varied from 18.6 MPa (2,700 psi) to 
75.8 MPa (11,000 psi). 



. . The first objective of ensuring no-failure for 
loads of 445 kN (100 kips) was accomplished since 
no failures of any continuous decks were observed. 
Two failures have occurred, on the same bridge, at 
loads of 288 kN (65 kips) and 360 kN (81 kips), 
respectively. In both cases, the concrete was so 
deteriorated that cores could not be taken and the 
slab, being at the edge of a cantilever, had no 
lateral restraint whatsoever. 

This ultimate strength theory predicts that, 
with typical reinforcement level of 0.8% and with 
zero restraint, the deck failure load is between 
445 and 670 k~l (100 and 150 kips). For a 20. 7 MPa 
(3,000 psi) concrete and a load of 445 kN (lQO kips), 
the vertical shear stress, computed on the 
perimeter of the critical section at d/2 from load 
is 1. 45 MP a (210 psi) or 4/TTC. In other words, 
vertical shear failure could not be expected even 
if present code requirements were applied. 

No serious structural cracking was noticed in 
any of the slabs. No visible cracking on the top 
surf ace of the slab in the transverse negative 
moment regions above the longitudinal girders was 
ever noticed. Directly under the load on the bottom 
surface of the deck, hairline cracking was 
observed during the tests, however, the cracks 
disappeared upon removal of the load. 

The presence of boundary restraint was expected 
to significantly increase the punching shear 
capacity of bridge decks. Boundary restraint is 
provided by prohibiting the free movement of the 
slab, in both rotation and lateral movement. This 
restraint is provided by the main beams, the lateral 
bracing and the slab itself. The boundary restraint 
is difficult to calculate and the difficulty is 
further complicated by the large variety of bridges 
that exist and that can be designed. With this 
situation, the bridges tested were subdivided into 
the four categories as defined above, to see if a 
significant difference in boundary restraint exists 
among them. The value of restraint factor, Fr• is 
based on the Queen's study by B.deV. Batchelor and 
B.E. Hewitt (S) and is empirically taken between 
zero for no r;s traint and 1.0 for absolute restraint. 

The comparison between experimental and theore
tical results is based on measured and theoretical 
deflections. During the testing, plots of load 
versus deflection (as illustrated in Figure 4) were 
obtained. These were then compared with theoretical 
deflections for restraint factors of 0.25, 0.50, 
0. 75 and 1.00, in order to establish the actual 
restraint factor for each bridge. The deflection 
and ultimate load-carrying capacity were provided 
by the computer program developed at Queen's 
University (S). These ultimate deflections were 
then linearly interpreted to correspond to the 
445 kN (100 kips) test load in order to estimate 
the actual restraint factor present. The following 
factors were considered; slab thickness and span, 
reinforcement ratio, effective slab thickness, 
slab span, applied load area and concrete strength. 
Experimental deflections and deck parameters are 
provided in Tables 1 to 4. 

Table S shows the predicted restraint factors 
present and only tests where actual concrete 
strengths were available are included. The data 
indicate the presence of boundary restraint for all 
four classifications. The non-composite girder/ 
concrete slab bridges exhibit the smallest average 
Fr of 0.41. A safe lower bound value would appear 
to be 0.20. The other three types, which are all 
of composite construction, exhibit average Fr 
values between 0.78 and 0.93, with a lower bound 
value of 0.40. There appears to be no significant 
difference between Types B, C and D. Maximum 
variation in restraint factor is in Type C while 
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Type B has the highest overall restraint factor . 
For the test results, the deflection/span ratios 

varied between 1/100 to 1/900 for the non-composite 
and between 1/900 to 1/3500 for composite slabs. 
Although a large variation is present, the non
composite slabs generally exhibit deflections three 
times larger than the corresponding composite 
slabs. This suggests that the composite slab 
exhibits a greater restraint factor since there 
is a positive connection to the main load-carrying 
members. 

It should be noted that the above results are 
based on small deflection results [a maximum of 
8.6 mm (0.34 in.)]; consequently, small experimental 
errors could potentially result in a large 
percentile error. Experimental errors may have 
occurred from the following sources: movement of 
reference points, instability of asphalt wearing 
surface, calibration of testing equipment, and 
friction in the hydraulic ram. These factors, and 
the large variation in the restraint factors 
obtained from this testing program, therefore, lead 
to general rather than detailed reconunendations. 

References 6 and 7 describe extensive prototype 
testing on bridge decks designed to the provisions 
of the new theory employing a reduced steel ratio 
of· O. 3%. Although the tests were rather encom
passing, no bottom steel exhibited stress in 
excess of 230 MPa (33 ksi) for bottom reinforcement 
under the 445 kN (100 kips) test load. This 
co rresponds to a stress level of 46 MPa (6. 7 ksi) 
for the observed maximum half axle weight of 
90 k.~ (20 kips). No stress in excess of 35 MPa 
(S.O ksi) was ever measured on negative reinforce
ment indicating the inadequacy of the AASHTO strip 
equation. 

Appendix A is devoted to a parametric study 
regarding a simC'ly-supported beam exposed to a 
single concentr~ced load with varying lateral 
displacement and rotational restraints. While it 
is understood that three-dimensional behavior can 
differ from thi s quantitatively, the authors 
believe that the analogy presented will provide 
some insight to the subject matter. 

Summary and Concluslons 

The punching shear testing of existing thin 
concrete decks indicates that there is a very 
large capacity against failure that can now be 
identified. The research at Queen's Ci, 2) shows 
that for typical decks, a punching failure of 
the slab should occur prior to any flexural failure. 
The test load of 445 kN (100 kips), representing 
a dual-tired wheel, is 10 times larger than the 
allowable legal load and 4 to S times larger than 
the maximum half-axle weight observed. Even under 
this heavy overload, combined with the deteriora
tion of some decks, no failures of restrained 
decks were ever observed. Consequently, these 
slabs can be considered to be greatly overdesigned 
as they showed no sign of structural damage due 
to simulated wheel loads. 

As a general conclusion for the concrete decks 
tested, a restraint factor of 0.25 may be assumed 
for non-composite decks; for composite decks, a 
factor of 0.50 may be assumed. These lower bound 
tentative values may be safely used to design 
more economic slabs. The aspect of crack control 
must still be investigated however large cracking 
can be eliminated by providing small bar sizes 
at close spacing. 

For a typical concrete deck, based on the 
AASHTO working stress design, the theoretical 
ultimate strengths are presented in Table 6. 
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Theoretical ultimate strengths for a concrete deck 
with 0.2% reinforcing steel ratio, which is 
typically the minimum steel ratio for temperature 
and shrinkage requirements, are also shown. It can 
be seen that a typical slab having an AASHTO design 
load of 93.6 kN (20.8 kips) live load plus impact 
with a restraint factor of 0.5 has a factor of 
safety against failure of 14.5. Furthermore, the 
80% reduction in steel results in only a 28% 
reduction in ultimate capacity. 

Table 7 shows the factor of safety for the above 
decks for various restraint factors. Assuming a 
lower bound restraint factor of 0.5 for compos1tP 
decks, the minimum factor of safety based on a wheel 
load of 93.6 kN (20.8 kips) is 10.4. 

Substantial savings in construction costs can 
be obtained by revising the design of concrete 
decks of this type. The design should be based on 
the actual collapse mechanism of the decks and not 
on an elastic approach as outlined in the AASHTO 
Specifications. The savings, resulting from 
reducing the reinforcing steel by 80%, are 
approximately $15/m2 ($1.40/sq. ft.), or approx
imately $10,000 for a 2-lane, 61 m (200 ft.) span 
bridge. Further cost benefits of reduced construc
tion time, reduced maintenance and standardization 
of reinforcement will also be realized. 

Recommendations 

It is strongly suggested that the tl>!sign 
approach as specified by AASHTO should be dis
continued for decks within the parameters outlined. 
The deck strength developed by restraining boundary 
conditions should be utilized by basing the design 
on the theory developed at Queen's University 
( 4 ,5). 
- -It is recommended that thin concrete decks of 

composite construction and within the outlined 
design parameters be designed by assuming a 
restraint factor (Fr) of 0.5. Consequently, an 
isotropic reinforcing steel ratio of 0.2 is 
sufficient for standard decks. For better crack 
control for live loatls, shrinkage and temperature, 
however, a ratio of 0.3% should be used. 

Figure 5 shows a welded wire mesh recommended 
for use in a standard 200 mm (8 in.) 2-stage 
construction deck. This is a suggested method of 
standardization for new concrete thin deck con
struction. The 150 mm (6 in.) base concrete will 
have reinforcement as shown. The 50 mm (2 in.) 
high quality concrete will provide a skid resistant 
riding surf ace and ensure proper cover and pro
tection against the rusting of the reinforcing 
steel. The reinforcement consisting of welded 
wire mesh with integral supports will provide a 
sufficiently rigid reinforcing mat. The welded wire 
mesh of gauge 5/0~ steel at 200 mm (8 in.) centers, 
for bo t h top and bottom layer would be prefabricated 
and uniform throughout the entire length of the 
deck and simply placed on th.e framework. This 
welded wire mesh provides a reinforcing steel area 
of 13 mm2 (0.2 sq. in.). This type of reinforce
ment spaced in 200 mm (8 in.) modules ~ould become 
standard in bridge deck design and construction. 

As the AASHTO-recommended large negative 
moments do not seem to materialize on the bridges 
tested, it appears that a cover of 76 mm (3 in.) 
in a 200 mm (8 in.) deck can be safely permitted. 
For 114 bars, this would give a cover/diameter ratio 
of 6 which is considered absolute protection 
against the ingress of salt. The future might see 
bridge decks built in a single course, with 0.2% 
reinforcement under 76 mm (3 in.) cover requir-
ing no additional protection. 
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Table l. Steel beam and concrete slab (non-composite). . 
Stringer Stiffener Slab Main Distribution Experimental Concrete Restraint 

Bridge Spacing Spacing Thickness Rebars Rebars Deflection Strength Factor 
Number (m) (m) (mm) (rnm} (mm) (mm} (MPa} (Fri 

Sl 1.83 3.81 180 #5@ 305 (T) :t5@ 305 (T) 3.56 52.5 0.25 
:t5@ 150 (Bl >t5@ 150 (Bl 3.81 62.7 0.23 

S2 1.74 4.78 180 ,.5@ 150 (T) #5@ 455 (T} 2.29 54.7 0.33 
¢5@ 150 (8) #5@915(B} 5.08 54.7 0.20 

4.57 40.8 0.21 

S14 1.75 7.62 to 4. 72 180 #5@ 150 (T +Bl :,5 @ 455 IT + BI 2.29 53.7 0.33 
2.79 43.5 0.31 

S17 2.84 9. 14 215 :t5@1251T•BI #4@5101T+Bl 1 52 41 .5 0,71 

532 3.45 3.56 180 #5 @ 150 (T + B} ±5@ 150 (T+ Bl 5.08 32.5 0.63 
4.82 36.4 0.61 

534 1.83 6. 10 to 7.01 180 1<5@ 150 (T +Bl #4@ 380 (Bl 3.56 52.5 0 .24 

535 1.52 to 1.84 6.10 to 7.21 180 '+5@ 150 (T +Bl ±5@ 535 (Tl 2.79 26.8 0.34 
±5@ 455 181 1.78 44 3 0.55 

537 3.51 3.12 215 ±6@ 150 IT+ 81 '<6@150(T+Bl 3.30 19.3 1.00 

539 1.52 3.05 180 :tS@ 1 SO IT+ Bi '+4@380 (T +Bl 3.56 27.49 0.21 
2.54 38.52 0.25 

1 ft. = 0.3048 m 1 in. 75.4 mm 1 psi 6.89 x 101 MP a 1 psi 6.89 kPa 

Table 2. Steel beam and concrete slab (composite) . 

Stringer Stiffener Slab Main Distribution Experimental Concrete Restraint 
Bridge Spacing Spacing Thickness Rebars Rebars Deflect ion Strength Factor 
Number (m} (ml (rnm) (rnm) lmrn) (mm} (MP a) (Frl 

S23 2.74 5. 79 to 8.23 205 ±6@230 IT+ Bl #4@ 380 (T) 0.71 27.6 1.0 
=4 @430 (Bl 0.84 (design} 1.0 

1.17 1.0 

538 2.13 5.49 205 "6 @ 250 IT + B} ±4 @ 305 (T + 8 I 1.60 29.6 0.75 
1 50 27.6 (est) 0.83 
1.02 27,6 (Mt) 1.00 

518 1.93 5.72 180 =5@ 150(T+8} ,,5@ 305 (T + 81 1.78 18.9 1.00 

537 3.51 3.15 215 "6@1501T+8} "6@150(T+B} 3.05 48,6 0.80 
2.80 27 ,6 (Mt) 1.00 

Bl 1.93 4.46 195 =5 @ 150 (T + 8} '+5@3801T+BI 1.65 27 .6 0,96 

B2 2.59 7.51 195 =5@ 150 IT+ Bl =5@305(T+B} 1.7B 37 3 0.75 

BJ 1.B3 4.34 190 ±6 @ 230 (T + B} ±4@230 IT+ Bl 1.35 28.5 1.00 
B4 1 83 4.57 lBO =6@2301T+B} =4@230 IT+ Bl 1.65 25 1 0.98 

85 3.17 6.74 215 '15@150(T+ Bl =5@3051T+B} 1.78 38.00 0.94 

1 ft . 0.3048 m 1 in~ 25.4 mm 1 psi = 6.89 x 101 MPa 1 PSI 6.89 kPa 

Table 3. Concrete beam and concrete slab (monolithic). 

Stringer Stiffener Slab Main Distribution Experimental Concrete Restraint 
Bridge Spacing Spacing Thickness Rebars Rebars Deflection Strength Factor 
Number lml (ml (mm) (mm) Imm) (mrn} (MPa} (Frl 

53 3.15 7.01 & 200 #5@150(T+BI unknown 1.40 42.9 1.0 
10.36 

S5 7.77 2.13 215 #5@ 280 (Tl #4@ 535 0.58 67.9 0.75 
#5@ 140 IBI 0.97 60.1 0.50 

0.99 66.0 0.48 
0.71 60.1 0.71 

S6 3.20 10.36 255 #5@190(T+BI #4@305 0.46 76.1 0.75 
0.48 74.2 0.75 
0.37 56.6 0.75 

510 2.95 3.74 230 #5@150(T+B) #5@455(T+BI 0.71 61.1 0.75 
0,71 71.1 0.63 
0.38 55.9 1.00 

515 3.04 5.49 & 7.32 180 #4@125(T+BI #4@610(T+BI 1.27 42.6 1.00 

522 1.83 4.80 200 #4@150(T+Bl #4@ 455 IT+ Bl 1.52 68.3 0.40 

532 3.30 200 #5@150(T+B) #4 @610 (T) 2.29 36.4 0.82 
#4@510 (Bl 1.45 1.00 

542 1.93 200 #5@2BO ITI #4@ 510 (Bl 0.28 
#5@ 140 (Bl 0.25 27.6 

0.28 (assumed) 1.00 (all) 

1 ft. = 0.3048 m 1 in. 25.4 mm 1 psi ~ 6.89 x 101 MPa 1 psi a 6.89 kPa 
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Table 4. AASHTO girders and concrete slab (composite) 

Bridge 
Number 

S16 

533 

Stringer 
Spacing 
(m) 

2.51 

2.21 

1 ft. = 0.3048 m 

Stiffener 
Spacing 
(m) 

6.10 

14.63 

Slab 
Thickness 
(mm) 

190 

190 

1 in. • 25.4 mm 

Milin 
Rebars 
(mm) 

#5@ 125 (T + B) 

#6@ 165 (T + B) 

D istri butron 
Rebars 
(mm) 

#5 @300 (T) 
#5 @200 (B) 

#5 @455 (T) 
# 5@ 1BO (B) 

1 psi = 6.89 x 103 MPa 

Table 5. Predicted effective restraints in bridges tested. 

Type A: Non-Composite Steel Type B: Composi te Steel Type C: Concrete Beam 
Girder and Concrete Slab Girder and Concrete Slab and Slab · Composite 

Bridge Bridge Bridge 
Number Fr Number F, Number Fr 

S1 0.23, 0.25 S18 1.0 S3 1.0 
52 0.21, 0.33 S23 1.0, 1.0, 1.0 SS 0.48, 0.50 
514 0.31 , 0.33 S37 0.8, 1.0 0.71, 0.75 
S17 0.71 S38 0. 75, 0.83, 1 .0 S10 0.63, 0. 75, 1.0 
S32 0.61 , 0 .63 Bl 0.96 S15 1.0 
S34 0.24 B2 0.75 S22 0.40 
S35 0.34, 0.55 B3 1.0 S32 0.82, 1.0 
S37 1.0 B4 0.98 S42 1.0, 1.0 
S39 0.21, 0.25 B5 0.94 S6 0. 75, 0. 75, 0. 75 

Average Average Average 
Restraint 0.41 Restraint 0.93 Restraint 0.78 

Experimental 
Deflection 
(mm) 

1.7B 

1.27 

Concrete 
Strength 
(MPa) 

64.9 

32.5 

1 psi = 6.89 kPa 

Restraint 
Factor 
(Fr) 

0.66 

1.00 

Type 0 : AASHTO Girder and 
Concrete Slab - Composite 

Bridge 
Number Fr 

S16 0.66 
S33 1.0 

Average 
Restraint 0.83 

Table 6. Ultimate strength of decks. Table 7. Factor of safety of decks. 

Theoretical Ultimate Strength 

Restraint 
Factor 

Reinforcing Steel 
Ratio = 0.01 

Reinforcing Steel 
Ratio = 0.002 

0.0 
0.25 
0.50 

810 kN (183 kips) 
1080 kN (243 kips) 
1340 kN (302 kips) 

210 kN (47 kips) 
610 kN (137 kips) 
960 kN (216 kips) 

Deck Description : 

Span = 2.44 m (8 ft.) 
Thickness = 200 mm (8 In.) 

Effective depth = 165 mm (6.5 in.) 
Concrete- strength = 27.6 MPa (4000 psi) 

Reinforcing steel ratio = 0.009 to 0 .002 
Yield strength = 413 MPa (60,000 psi) 

Typical Structure 1 % Reinforcement 0.2% Reinforcement 
with Various 
Restraint Factors f~ = 27 .6 MPa f~ • 34.5 MPa f~ = 27 .6 MPa f~ • 34.5 MPa 

0.0 8.8 9.2 2.3 2.3 
0.25 11.7 12.9 6.6 7.7 
0.50 14.5 16.5 10.4 12.4 
0.75 17.5 20.3 13.9 16.7 
1.00 20.6 24 .2 17.1 20.6 

1 MPa = 145 psi 



Figure l. Concrete slab load capacity. 
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Figure 4. Plot of typical load vs. deflection 
curve . 

Figure 5 . Standard prefabricated steel 
reinforcement . 
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Appendix A, Effect of Boundary Restrai.nts 

The effect of boundary restraint~ Rnn the 
resulting boundary forces can be qualitatively 
illustrated by the siJDple beam model shown in 
Figure A.l. The beam is loaded by a central point 
load (P) and the ends are restrained against free 
movement by a horizontal force (H) and a moment (M) 
which act at a distance (a) from the bottom surface 
of the beam. In a reinforced concrete beam, these 
forces would be assumed to act at the reinforcing 
steel level. Figure A.l also shows the moment 
diagram for all three forces. 

Since Mand H are the unknown variables, the 
following equations can be used to solve for M and 
H in terms of P by equating displacements: 

C.HP ( 1) 

~H H+~M M (2) 

The magnitude of the horizontal force and moment 
depends on the rotational and lateral resistance of 
the boundary. Two additional variables can be 
defined as: 

F 

K 

lateral resistance, defined as the force 
required to move the boundary by unit 
length, and 
flexural resistance, defined as the 
moment required to move the boundary by 
unit rotation. 

After resolving equations and 2, and substituting 
the appropriRtA parameters, the following expres
sion~ are obtained: 

M 
1.5 Pl22 Kh1 F2 + 2Eh 

h1 [l2pF + 2Eh] [12l2K + 2Eh) - 144e2 l2 1 FK 

(3) 

and 

H = ~~~~~~---3~P~l21--"-e=E~Fh~3~~~~~ 
h2 [12pF+2Eh] [1212K+2Eh 3 ) -144e1 12 2 FK 

where h .. 
e .. 
a = 

Cl .. 
p = 
I .. 
A "' 
E '" 

overall height 
O.Sh - a 

(4) 

distance from bottom surface to location 
of force (!!) 
e 1- h 
l + 1Za2 
h3/12 (assuming a unit width) 
h (assuming a unit width) 
modulus of elasticity 

If the value of K is taken as a function of the 
adjacent span then, 

K = 3:1 = E~ 
l2 412 

where Y,. the length of adjacent span 

If the value of F is taken as a function of the 
surrounding slab then, 

F EA EhN 
-12-. -12-

where N • the number of strips of unit width 
providing lateral confinement for the 
strip under consideration. 

By substituting the above relationships into 
equations 3 and 4, the following expressions for M 
anJ H are obtained: 

and 

M = 3Pl2 r 
8 

where 

r .. j (N + 2) 

(5) 

(Sa) 

.. the ratio of length of the span under 
consideration and the adjacent span length. 

H = 3P2 l3 
h 

where 

(6) 

(6a) 

By using Figure A.l, top and bottom surface stresses 
can be obtained for this beam: 

f Pl2 6 + 3P2 a . _!_ _ 3Pl2 a.
8 

. .!_ 
r '" 4 · t;'2 -h- " h h " h2 

and 

3Pl2 
- 8' 

6 
r 'hi' 

(7) 

ta = 3Pl2 [ - .l + 13 + 6{3a + 3'Y ] (8) 
hl 2 4 

It can be seen from equations 7 and 8 that the 
expression in brackets is a variable depending on 
the ~egree of restraint. With M and F equal to 
zero, equations 7 and 8 give the stress expected 
for a simply-supported beam. 

Where 

equations 7 and 8 indicate that the stres~with or 
without restrain~ increases with the span length 
and decreases with the square of the beam thickness. 

By assuming typical concrete deck slab 
dimensions, the effect of varying lateral and 
flexural restraint can be illus trated. For a typical 
200 mm (8 in.) beam, emin can be est imated to be 
6S mm (2.S in.). The span length ratio (j) is varied 
between 0. SO and 2. 00, while the ratio (N) is varied 
between l and infinity. Figure A.2 illustrates 
the effect of the varying restraint. 

For the top stresses (Figure A.2a), increasing 
adjacent slab spans decrease the stress coefficients 
while the horizontal restraint, irrespective of 
its effective width, has a very small effect on the 
top stresses. 

Figure A.2b indicates that both lateral and 
horizontal restraint has an ·effect on the bottom 
surface stresses. The stress coefficient decreases 
with increasing slab span ratio and increasing 
effective width of lateral restraint width. 

Figure A.3 shows the effect on the bottom 
stress coefficient of a varying lateral restraint 
with zero rotational restraint. The stress coef
ficient varies inversely with N and with full 
restraint, the case where N is infinite, the 
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.. limiting value of the stress coefficient is 0.2923 . 

As previously mentioned, this stress coefficient 
is equal to 0.50 with zero lateral and rotational 
restraint. For this case, the effect of different 
e values (where e is the eccentricity between the 
location of the restraining force and the neutral 
axis) was also investigated. The above stress 
coefficient decreases with increasing e as expected. 
For a 25 mm (1 in.) increase in e, the stress 
coefficient decreases by 12%. 

The parametric study of a simply-supported beam 
loaded by a single concentrated ·load with varying 
lateral displacement and rotational restraints 
indicates that the extreme fiber stresses are 
significantly lower (by up to 45%) than extreme 
fiber stresses with zero restraint. 

Figure A.l. Simply-supported beam of rectangular 
cross section. 
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Figure A.2(a). Effect of varying restraint values 
(top face of slab). 
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Figure A.2(b). Effect of varying restraint values 
(bottom face of slab). 
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Figure A.3. Variation of stress coefficient with 
lateral restraint (assuming zero rotational restraint). 
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DETECTION OF DELAMINATION IN BRIDGE DECKS WITH 
INFRARED THERMOGRAPHY 

Gerardo G. Clemena and Wallace T. McKeel, Jr. 
Virginia Highway & Transportation Research Council 

The use of infrared thermography to define very 
accurately variations in surface temperatures 
was evaluated as a means of defining delaminated 
areas caused by corrosion of reinforcing steel 
in concrete bridge decks. Differences in the 
temperatures of the deck surface, shown in 
various shades or colors on a cathode-ray tube, 
were photographed to provide a permanent graphic 
record of the location of the warmer, distressed 
areas. In a comparative study of infrared ther
mography and conventional deck evaluation tech
niques, including the sounding of the surface 
with a hammer and chain drag and the use of a 
rollin g delamination detector, all were found 
generally satisfactory in locating severe to 
medium delaminations. However, the infrared 
thermography procedure had important advantages 
in disclosing incipient delaminations, those in 
which the cracking is confined to the close 
vicinity of the reinforcing steel, and in pro
viding detailed records of the separated areas. 

A major problem in the repair of bridge decks is 
locating the areas of delamination caused by corro
sion of the reinforcing steel. None of the available 
methods of locating delamination are completely satis
factory. The sounding method relies on subjective 
judgments of the hollow sound produced when the con
crete is struck with a hammer or when a chain device 
is dragged across the deck surface. It is useful 
only in locating relatively severe delaminations and 
is subject to interference by traffic noises. A re
cently introduced rolling delamination detector, thP 
Delamtec, is based on the same "sounding" principle, 
but it utilizes piezoelectric hydrophones to charac
terize vibration waves generated by steel tapping 
wheels striking delaminated areas.(l) Although it is 
faster than the hanuner or chain drag and provides a 
graphic record of distressed areas, the Delamtec de
tects only delaminations more than 10 cm (4 in.) in 
width, and it allows only a relatively narrow coverage 
of the deck per scan. 

There is a need for a more reliable method of de
lamination detection that is capable of locating not 
only severe, but also incipient, delaminations with 
some degree of detail and rapidity. To develop such 
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method, the authors evaluated the use of infrared 
(IF) thermography. 

Rationale in Delamination Detection with Infrared 
TheTinOgrap hy 

The authors conceptualized that the cracks, or 
physical separations, in delaminated concrete are 
occupiad hy trapped air. Conaidaring the large dif
ference between the volumetric heats of solid con
crete and air, which are 30.0 and 0.19 Btu/(yd.3) 
(°F), respectively , a severely delaminated concrete 
area would have a volumetric heat lower than that of 
surrounding solid concrete and consequently would be 
warmer, given the same amount of solar heating. 
Conversely, when the solar heating disappears, the 
delaminated concrete would be cooler than the solid 
concrete. It logically follows that the more delam
inated a spot is, the warmer it would be compared to 
adjacent sound concrete. This temperature differ
ence could serve to define delaminated areas in con
crete if one had a technique, such as infrared ther
mography, for rapidly mapping an accurate tempera
ture profile of a bridge deck. 

Principle of Infrared Thermography 

Any object whoac temperature is above absolute 
zero (-27JOC or o°K) emits IR radiation generated 
by the vibration and rotation of its atoms and mole
cules. The IR radiation emited by most objects 
falls within a band of wavelengths from about 2 to 
15 microns (µ),and is proportional to the object's 
absolute temperature. Thus, the temperature can be 
indirectly determined by measuring the intensity of 
the emitted IR radiation. 

In IR thermography, a camera (or scanner) that 
incorporates a sensitive and fast-response IR detec
tor is used to automatically scan an object and pro
duce a thermal image of it on a cathode-ray tube. 
The two types of detectors most commonly used are 
the Indium-Antimonide (InSb) photovoltaic detector 
and the Mercury-Cadmium-Telluride (HgCdTe) photo
conductive detector, both of which can detect a 
fraction of a degree temperature difference at 
300°K. Indium-Antimonide has a spectral response 
of 2 µ to S. 6 µ, while Mercury-Cadmium-Telluride re-



... sponds over a range of from 8 µ to 14 µ. These spec
tral ranges are different from that detectable by IR 
photographic film which is 0.7 µ-0.9 µ. 

The thermal image, or thermogram, obtained with 
the scanner represents the surface temperature pro
file of the object under examination. In a black and 
white picture, which looks something like an ordinary 
photographic negative, the warm areas are light and 
cold areas are dark. In some thermal imaging systems, 
the picture comes out in brilliant colors, with the 
various tones representing different temperatures. 

Study Methodology 

In the study, several deck areas, mostly 180 x 
360 cm (6 x 12 ft.) in size were tested for delamin
ation with an infrared scanner. For comparison, the 
areas were also evaluated by sounding with a hannner 
and chain drag, and a delamination detector. Cores 
were obtained from selected spots in the test areas 
to verify the degree of delamination shown on the 
thermograms. 

The scanner system used, the Thermovision Model 
750 manufactured by the AGA Corporation of Secaucus, 
NJ, consisted of a camera unit, a display unit, a 
power supply, and a color monitor. 

The camera unit was equipped with a liquid nitro
gen cooled InSb detector and an infrared lens with a 
20° x 20° field of view. With the camera set at a 
comfortable working height of' 150 cm (5.0 ft.) above 
a bridge deck, the deck area covered was slightly 
larger than 45 x 45 cm (1.5 x 1.5 ft.); and the in
dividual profiles of the 45 cm (1.5 ft.) square areas 
had to be made into mosaics to obtain composite ther
mograms of the larger deck areas. For the mosaic to 
be useable, the camera must be aimed at a right angle 
to the deck, since any other angle gives rise to pro
blems due to perspective, but it was not possible to 
point the camera straight down without spilling the 
liquid nitrogen. To eliminate the perspective pro
blem, the camera was aimed parallel to the surf ace 
of the deck and a surface reflective mirror, about 
10.2 x 11.4 cm (4.0 x 4.5 in.) in size, was mounted 
at 45° with its reflective surface directly facing 
the camera lens to allow focusing of the infrared 
camera indirectly downright at the deck. The ther
mogram obtained in this manner is an inverted image, 
but this presents no problem. 

It was also found that solar radiation reflected 
from the deck surface interfered with the thermogram, 
and a filter which transmitted only wavelengths 
longer than 3.5 µwas needed to eliminate the re
flection. 

To enhance the interpretability of the thermo
gram, a color monitor was used so that different 
temperatures were represented by various colors. 
Specifically, a selected temperature range was di
vided into 10 isotherm units presented in white, 
yellow, orange, red, pink, violet, aquamarine, green, 
light blue, and 'dark blue, corresponding to the de
creasing order of temperature level. Type 108 color 
Polaroid film was used to record the individual ther
mograms. 

Discussion of Results 

Optimum Time for Using Infrared Thermography 

A preliminary survey of the test areas confirmed 
that under direct solar heating a delaminated con
crete area is warmer than the surrounding solid con
crete. It also revealed that for the best compro
mise between the maximum detectability of delamina
tions (i.e., the best definition of severe and even 
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incipient delaminations by thermography) and the 
stability of the temperature profile of a deck area, 
the period from 12:00 noon to 2:00 p.m. would be the 
ideal time for the use of thermography. (This pe
riod may vary in length depending on the time of 
year and geographic location.) 

A Typical Thermogram of the Test Areas and Its 
Interpretation 

In obtaining a thermogram of a deck area, the 
temperature level setting of the infrared scanner 
was adjusted so that a severely delaminated spot 
would show up as the "warmest", or white, in the 
color monitor. This allowed interpolation between 
the warmest and coldest colors so that a mediumly 
delaminated spot might appear one or two isotherm 
units below white, i.e., as yellow or orange; and an 
incipient delamination would appear either two or 
three isotherm units below white, i.e., as orange or 
red. The remaining cooler colors of pink, violet, 
etc. would represent the solid concrete. It must be 
emphasized that the classification of different 
stages of delamination is relative. 

One of the typical thermograms taken in the 
above manner is shown in Figure 1. This mosaic 
thermogram, covering part of a test area, was made 
from individual thermograms of 45 cm (1.5 ft.) 
squares. In terms of pattern, the thermograms are 
exact duplications of the original photographs of 
color thermograms. However, because of the high ex
pense of color reproductions, the warmer colors of 
white, yellow, orange, and red, in order of decreas
ing intensity; while the relatively cooler colors 
are left unshaded because of their relative incon
sequentiality. 

Figure 1 shows few delaminations in the medium 
stages; mainly the narrow band of intense shade a
round a spalled area that has been patched with as
phaltic concrete (dark area) which overlaps squares 
2-5 and 3-5, and the similarly shaded spots in 
squares 2-3 and 3-2. In addition, the thermogram 
shows semi-regular patterns, the lightly shaded ar
eas that run approximately 50° with respect to the 
X-axis of the thermogram. Since this angle is simi
lar to the skew angle of the reinforcing steel and 
to the direction that the two medium delaminations 
in squares 2-3 and 3-2 run with respect to each 
other, these lightly shaded areas must be incipient 
delaminations occurring around some of the rein
forcing steel. Cores obtained from such areas con
firmed this assumption. 

In order to preclude misinterpretations, infra
red thermography must be supplemented with visual 
examinations. It has been found that spots of as
phalt and tire marks appeared warmer than the con
crete because they have a relatively higher infra
red emissivity, and they can be mistaken for delam
inations in the thermograms. 

Comparison of Techniques 

For comparison, the same deck areas were also 
evaluated with the conventional deck evaluation 
techniques of sounding with a hammer and a chain 
drag and the use of a rolling Delamtec. A chain 
drag device, made of five 75-cm (2.5-ft.) steel 
chains connected to and evenly spaced on a metal rod 
by ropes, was used to make a rapid initial survey 
of each area. Then, for more precise outlining of 
any delaminated spots, a hammer was used. In addi
tion to listening for the hollow sound indicating a 
delamination, the surveyor placed one hand on the 
deck to feel for vibrations. This practice is be-
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Figure 1. Typical thermogram with delamination 
shaded. (Dalaminationa located by sounding and 
Delamtec are superimposed.) 

Figure 2. Delaminated areas located by different 
techniques. 

JELAl-l!N AT IO ti ~oc ATE:D 

sl !R t he~"'o5:-aoh:£ 

I s!tvere 

• 2 

m<!diwn 

III) 

l 0 
1nc1p1ent 

,..-, 
l_.1 By sound!ns 

"""" Sy 'De lam.tee' 

; s cor-e taken 

O.!Sm (l.5 ft.) 

lieved to enhance the reliability of the hammer sound
ing. The rolling detector was rolled longitudinally 
over each of the test areas at 46-cm (1.5-ft.) inter
vals . 

In terms of the number of delaminations detected 
ln the test areas, it was found that approximately 95r. 
uf Lhose in the medium and severe stages that were 
identified by thermography were also detected by 
sounding, while only approximately 85% were detected 
by the Delamtec. The delaminations missed by sound
ing with the chain drag and hammer were in the medium 
stage; such as that extending from square 2-2 down to 
square 2-4 of Figure 2. However, with the Delamtec, 
some severely delaminated areas were not detected for 
unknown reasons. An example is shown in Figure 2, 
where a few neighboring severe delaminations in 
squares 1-1 to 3-1 were not located by the Delamtec. 

An inherent inadequacy of sounding and the delam
ination detector is their inability to provide detail, 
which made it difficult to delineate delaminations 
accurately. A typical example is again shown in Fig
ure 2, wherein the severe delaminations that extended 
across the top of squares 1-1 and 2-1 were detected 
but not properly located by sounding. A similar in
adequacy of the Del amtec is shown in Figure l where, 
according to t hermogra phy , two medium delaminations, 
each about 15 cm (3 in . ) across, existed i n square 
2-3. The Delamt ec did not detect these completely, as 
indicated by t he presence of the detecto r signal on 
only the right side of the square, but a core taken 
from the left side of the square confirmed the extent 
of delamination indicated by thermography. A more im
portant advantage of thennography is its ability to 
locate incipient delaminat i ons. Cores from incipi
ently delaminated spots had cracks that had not yet 
completely extended across the core to separate the 
concrete into at least two layers, as was the case for 
the cores from severe and medium delaminations. 

It must be pointed out, however, the occasional 
inconsistencies were observed in the correlation be
tween wa rmness of a deck area and the severity of de
lami na t i ons. In those cases the co r es showed slight
l y more advanced delamination than the incipient de
l aminati on indicated by the thermogr am. It is uncer
tain whether the observed incons i stency is real, or 
was caused by slight changes of colors in the thermo-
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grams that were occasionally observed when scattered 
clouds interfered with incoming solar radiation. If 
the inconsistency results from this cause, it can be 
minimized or probably eliminated by a setup incorpor
ating videotape for r,apid recording of the thermogram. 

Applicability o f Results 

The subject research has indicated the suitabili
ty of infrared thermography in providing graphic re
cords of delaminated areas in concrete bridge decks. 
The abiiity of the technique to disclose incipient 
delam.ination is considered particularly promising as 
this would provide an early warning of oncoming dis
tress. While some degree of experience is necessary 
for proper interpretation of the thermograms, the 
problem of training operators is manageable. How
ever, additional research is required for implementa
tion. 

With an estimated equipment cost of from $30,000 
to over $40,000, infrared thermography, as used in 
this study, is not cost-effective compared to conven
tional survey techniques. The additional detail pro
vided by the thermograms, while desirable, would not 
support the high cost differential, and it appears 
that the application of thermographic techniques to 
rapidly survey a large number of bridges must be de
veloped for cost-effectiveness. The authors feel 
that this might be accomplished through the use of 
videot~p~ recording&, a &ubjact proposed for future 
research. 
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DEEP IMPREGNATION OF CONCRETE BRIDGE DECKS WITH LINSEED OIL 

Philip D. Cady, Donald E. Kline, Paul R. Blankenhorn, 
The Pennsylvania State University 

The overall objective of the research described 
in this paper was to evaluate the feasibility 
of deep ( > 5 cm) impregnation of concrete 
bridge decks with boiled linseed oil/diluent 
mixtures. - Impregnation is one of the techniques 
that is currently receiving considerable atten
tion as a means of improving the longevity of 
bridge decks by reducing or preventing spalling 
problems associated with corrosion of rein
forcing steel. The choice of linseed oil was 
based on safety (low volatility and high flash 
point), cost considerations, and the elimina
tion of the polymerization step required for 
other polymers. Also, many highway agencies 
are already familiar with linseed oil, since 
it is commonly sprayed on bridge deck surfaces 
periodically to retard surface scaling. The 
latter procedure results in penetration depths 
of less than 3 mm and has little or no effect 
on preventing spalling. Deep impregnation 
requires a drying step to remove water, fol
lowed by sufficient contact with the impreg
nant to permit penetration to the desired 
depth. Following a period of preliminary lab
oratory studies, demonstration impregnations 
were carried out on 5.6 m2 areas on two bridge 
decks. One of the bridges had been subject 
to 3 winters of deicer salt application. The 
other had received no salt. Four days soaking 
time with a 50-50 mixture of boiled linseed 
oil/mineral spirits mixture was used in the 
impregnation step. Examination of cores sub
sequently removed from the test areas revealed 
that penetration depths ranging from about 5 
to 10 cm were obtained. 

The Problem 

Spalling of concrete bridge decks is currently 
one of the most serious problems facing highway 
agencies in the snow belt states. There has been 
a dramatic increase in the incidence and severity 
of bridge deck deterioration during the past twenty 
years. Two factors largely account for this. 
First, the increased volume of highway construction 
associated with the building of the interstate 
highway system produced a significant increase in 
the number of highway structures. Second, the 

"bare pavement" policy, stressing safe, all-weather 
driving conditions, was adopted by highway agencies 
in response to public pressure. The latter factor 
has involved the use of deicing chemicals which 
permeate concrete bridge decks causing corrosion 
of reinforcing steel and resultant spalling of the 
overlying concrete. 

A formidable body of data exists to indict 
corrosion of the reinforcing steel, caused by 
presence of chloride deicer salts, as the major 
cause of bridge deck deterioration (1-.~). There 
has been a phenomenal increase in the use of deicing 
salts in recent years. In 1947 l'ess than one-half 
million metric tons were used in the entire country. 
By the winter of 1966-67, this figure had risen to 
about 6 million metric tons, and by the winter of 
1975-76 it was estimated to be between 10 and 11 
million metric tons (~). At the application rates 
currently in use, a typical bridge deck in a snow 
belt state receives about 1.2 Kg of salt per M2 
(about 1/4 pound per square foot) during an average 
winter season. The increased use of deicers is 
reflected in the accelerated pace of bridge deck 
deterioration observed. New bridges should last 
thirty years or more, but many now show signs of 
significant deterioration in five years or less 
(§). In 1973, the Federal Highway Administration 
estimated the annual cost for bridge deck repairs 
in the U.S. to be $70 million (7). By 1975, that 
figure had increased to $200 million per year (8). 
Even so, as a measure of damage being incurred,
these figures are probably deceptively low since 
they likely represent the bounds of limited main
tenance budgets. The Road Information Program 
(TRIP) estimates that during the winter of 1976-77. 
alone, 1626 bridges were rendered unusable due to 
record low temperatures and heavy salt applications 
(2)· Most of the damage involved deck spalling, 
according to TRIP, and replacement or repair costs 
were estimated at $1 Billion. 

Bridge Deck Impregnation 

Deep impregnation with sealants to immobilize 
chlorides present and to prevent the ingress of 
water, oxygen, and deicer salts is one of only two 
techniques that presently seem to offer promise 
for protection of existing chloride contaminated, 
but sound, concrete bridge decks. 
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Methyl methacrylate monomer (MMA) has been the 
principal impregnant used in field studies prior to 
the research described here. Proper drying, impreg
nation, and polymer1zat1on procedures using methyl 
methacrylate will produce concrete with essentially 
zero peI'l!leability to wa ter and will immobilize del
eterious contaminants already contained in the con
crete pore system (viz, chlorides). Also, the 
mecha ni cal and durability properties of the concrete, 
per se , are significantly enhanced. However, the 
use of methyl methacrylate has serious drawbacks. 
The monomer is expensive, highly volatile, extremely 
flammable, and must be subjected to a separate 
polymerization step. Assuming that the imp r ovement 
in mechanical and other properties afforded through 
the use of methyl methacrylate is not a necessary 
prerequisite, other materials may be used as impreg
nants whose function is merely that of blocking the 
pores and immobilizing salts contained therein. 
FurtheI'lllore, these impregnants could be selected to 
countermand the disadvantages of methyl methacrylate 
cited above. 

A logical candidate as an impregnant is linseed 
oil. For years, highway agencies have been using 
mixtures of boiled linseed oil and diluents to seal 
the surf aces of concrete bridge decks to retard sur
fac e scaling . However, thes e applicati ons pe ne t rate 
the concrete surface to depths of only about ) 111111 

(l/ 8 i nch) and have li ttle or no e ffect i n r ed ucing 
spalling . I·mpregnation with linse ed oil, or simi
l ar material s , to the level of the t op reinfor c ing 
s t eel ( S to 10 cm or 2 to 4 in . ) should, however , 
effectively b lock t he continuous capillary system 
and immobilize chloride ions in the vicinity of 
the rebars. 

Purpose of t he Research 

The purpose of the research described in this 
paper was to develop in the laboratory and demon
strate in the field the methodology for deep pene
tration of concrete bridge decks with boiled lin
seed oil to prevent the ingress of deicer salts 
and water and to immobilize deleterious ions already 
present. This goal was pursued by addressing the 
following specific objectives: 

l. DeteI'lllination of the time, temperature, 
and impregnant conditions to optimally impregnate 
suitably dry concrete to a depth of about 6.4 cm 
( 2 1/2 in.) 

2. Evaluation of the protection against cor
rosion of the reinforcement by water and deicer 
salts afforded by the selected impregnant. 

3. Demonstration of the feasibility of the 
technique involved on a chloride-contaminated and 
a non-contaminated bridge deck in the field. 

Labor a to r y Tes t s 

Imp regnant 

A series of laboratory experiments was con
ducted to examine boiled and raw linseed oil, 
straight and diluted with various amounts of 'min
eral spirits, as candidate impregnants. In exper
iments where the ease of penetration of t he i mpreg
nant was deteI'lllined by the up take of impr egnant in 
dried concrete by capillary ac tion, it was found 
that both raw and boiled linseed oil in various 
combinations with 2S percent by weight or more of 
mineral spirits gave penetrations of 5 cm (2 in.) 
or more. At high mineral spirits contents (SO to 
70 percent), the raw linseed oil gave deeper 

penetrations than the boiled linseed oil, but not 
on a specimen weight gain basis. These tests also 
revealed that impregnant uptake is apprnximately 
75 percent complete in four days at room temper
ature. In general , increasing temperatures, up to 
60°C (140°F), slightly increased the percent com
pletion of impregnant uptake at any specified time . 

Loss of impregnant by evaporation from concrete 
specimens stored in the laboratory for six months, 
as measured by weight loss, was negligible. How
ever, mortar specimens obtained from the impreg
nated concrete that were vacuum dried at 110°C 
(230°F) fer 24 hours showed increases in porosity 
with increasing mineral spirits content in mercury 
porosimetry tests. This indicates that when the 
mineral spirits are removed, penetrable porosity 
may be obtained. However, this was under very 
severe conditions, and it is believed that the 
negligible losses observed on the specimens in 
laboratory air storage are indicative of good re
tention of the impregnant in the field. 

On the basis of these tests, it was decided to 
use a 50-SO boiled linseed oil-mineral spirits 
mixture and a four-day soak impregnation period 
to obtain impregnation depths of at least S cm 
(2 in.). 

Large Scale Slabs 

The drying and impregnation procedures developed 
in the bench-scale laboratory experiments were 
tested on full-scale depth, reinforced concrete 
slab specimens in the laboratory to perfect tech
niques before going into the field. Two 1.83 m 
by 1.83 m by 20.3 cm thick (6 ft. x 6 ft. by 8 in.) 
~labs were constructed. Reinforcement consisted 
of two layers of reinforcing bars with 5 cm (2 in.) 
of clear concrete cover from the top and bottom 
faces of the s lab. Each layer of reinforcement 
consisted of 1.59 cm diameter (no. S) bars on 20.3 
cm (8 in.) centers in one direction over 1.27 cm 
diameter (no . 4) bars on lS.2 cm (6 in.) centers 
in the other direction. The concrete used in 
these slabs was produced in one batch having a 
cement factor of 3SO kg/m3 (590 lb/yd3}, water/ 
cement ratio of O.S3 by weight, 11.4 cm (4.5 in.) 
slump, 7 . 5 percent air content, and had a 28-day 
compressive strength of 25.304 mPa (3670 lbf/in.2). 

The temperature attained at a depth in the 
concrete during drying can be used as the crite
rion to gage the sufficiency of drying relative to 
11ec11ring a selected depth of impregnation. There
fore, it is important to know to what extent the 
manner of obtaining temperatures within the con
crete affects the temperature readings. It was 
suspected by the researchers that temperature 
measurements obtained from theI'lllocouples inserted 
in holes drilled in the top surface of the slabs 
would be falsely high due to conduction of heat 
throuiih the thermoC".n11ple wires and to direct 
exposure of the hot junction to IR radiation. To 
evaluate this problem, temperature measurements 
were made at depths of 1.3, 2.5, 6 . 4, and 10.2 cm 
(1/2, l, 2 1/2, and 4 in.) from the top surface 
of the slab using type T (copper-constantan) 
theI'lllocouples inserted in 0.64 cm (1/4 in.) 
diameter holes drilled in the slab from both the 
top side and the bottom side. Temperature mea
surements for all eight thermocouples, plus one 
located on the top surface, were continuously 
recorded while drying was carried out using a 
propane fired, infrared heater. It was found that 
thermocouples inserted through the top surface 
give readings that may be falsely high by as much 
as 111°C (200°F) at the surface to 28°C (50°F) at 



. ' 10.2 cm (4 in.) deep. However, it was determined 
that a 100 MJ/hr/m2 (9000 BTU/hr/sq ft) propane
fired catalytic IR heater set about 28 cm (11 in), 
from the concrete surface will produce sufficient 
drying in three to four hours to provide 5 cm (2 
in.) or more penetration of 50-50 by weight boiled 
linseed oil-mineral spirits after four days of 
soaking. 

One of the large slab specimens was salt contam
inated by ponding brine solution for 90 days. Six
teen corrosion potential determinations (10) gave 
an average of -0.53 volts relative to the~opper
copper sulfate half-cell, well in excess of the 
-0.35 volts considered to be indicative of active 
corrosion. Impregnation of this slab with 50-50 
boiled linseed oil-mineral spirits by weight 
resulted in a reduction of the corrosion potential 
by 40 percent (-0.32 volts CSE), putting it in the 
"uncertain" range. It is concluded from this that 
deep impregnation by linseed oil will significantly 
reduce the probability of active rebar corrosion 
in chloride-contaminated concrete. The question 
may arise as to whether the reduction in corrosion 
potential resulted from drying or the presence of 
the linseed oil. It should be pointed out that 
the area of the slab that was dried and impregnated 
was only 0.30 m x 0.61 m (1 ft. x 2 ft.) of the 
1.83 m x 1.83 m (6 ft. x 6 ft.) slab. Furthermore, 
drying was carried out to a depth of only 10.2 cm 
(4 in.) maximum of the 20.3 cm (8 in.) slab thick
ness. Therefore, the slab was by no means totally 
dried and by the time that impregnation was com
pleted (4 days) moisture equilibrium was undoubt
edly re-established in the slab. 

Long-term corrosion potentials after salt con
tamination and impregnation with linseed oil mix
tures were not investigated. However, Clear and 
Hay (.!.!) found that a surface treatment of linseed 
oil retarded the ingress of chlorides into their 
test slabs. Deep impregnations would not be worn 
off by traffic as surface treatments would. 

Test Sites 

Evaluation of the selected impregnant and 
methodology that resulted from the laboratory work 
was carried out in the field on two selected bridge 
decks. One of the bridge decks had been subjected 
to deicer salt application and the other had not. 
The bridge that had received deicer applications 
was constructed in 1972. It is a four-span, steel 
I-beam and multigirder structure on the eastbound 
lanes of traffic route 322 at the Oak Hall inter
change in central Pennsylvania. Steel stay-in
place forms had been used for deck placement. The 
bridge was placed in service in November 1973, and 
therefore, it had been subjected to three winter 
seasons of deicer salt appl:tcations at the time 
of test. The 1.52 m x 3.66 m (5 ft. x 12 ft.) test 
area was selected in the acceleration lane of the 
west end span, the lowest area of the deck. This 
area of the deck was selected because it was felt 
that the deck drainage would tend to concentrate 
the deicer salts in this area. Chloride deter
minations (using the Berman titration technique) 
(12) gave values that ranged from 2.43 kg c1-;m3 
(4:°'1 lb Cl-/cu yd) at the surface to 0.18 kg Cl-/m3 
(0.3 lb c1-/cu yd) at a depth of 3.8 to 5.1 cm 
(1 1/2 to 2 in.) adjacent to the test site and 
1.42 to 0.95 kg c1-1m3 (2.4 to 1.6 lb c1-/cu yd) 
at 1.3 to 3.8 cm (1/2 to 1 1/2 in.) in the water 
table area at the actual low point of the deck. 

Although the second bridge was constructed in 
1971, it had not yet been placed in service (as 
of impregnation) and had received no deicer 
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applications. It is a three-span, prestressed 
spread box beam structure on the eastbound lanes 
of traffic route U.S. 322 over the Bellefonte 
Central Railroad right-of-way near Toftrees, 
Pennsylvania. Conventional wood forms had been 
used for deck placement. The 1.52 x 3.66 m (5 ft 
x 12 ft) test area was selected in the traffic 
lane of the west end span. 

Procedure 

In order to permit impregnation depths of at 
least 5.1 to 6.4 cm (2 to 2 1/2 in.), the drying 
criterion adopted for the field tests was the at
tainment of a temperature of 110°C at 10.2 cm 
(230°F at 4 in.). This was accomplished using 
propane-fired, catalytic infrared heaters in much 
the same manner as drying was carried out on the 
large test slabs in the laboratory. Drying of 
each of the two 1.52 m x 3.66 m (5 ft x 12 ft) 
test areas was done in two 1.52 m x 1.83 m (5 ft 
x 6 ft) sections using a trailer mounted unit in 
combination with a smaller portable unit. The 
drying operation is illustrated in Figure 1. 

Figure 1. Drying the test area with gas fired 
IR heaters. 

In order to monitor the heating process rela
tive to the drying criteria presented above, cop
per-constantan (Type T) thermocouples were 
installed at the surface and at a depth of 10.2 cm 
(4 in.) in 0.64 cm (1/4 in.) diameter holes drilled 
from the top surface. The thermocouple outputs 
were continuously recorded. Spot temperature 
checks were also made with a handheld thermocouple 
indicator. The time-temperature curves for the 
two test sections are shown in Figure 2. In both 
cases, these are the data for the first of the two 
equipment set-ups needed to cover the designated 
test areas, and the temperatures have been cor
rected for top insertion. The second set-ups in 
each case produced similar results. It is note
worthy that the drying process on the non-contam
inated (Toftrees) deck was carried out during a 
light, but steady, rain. To prevent rewetting of 
the dried areas, timber dams sealed with caulking 
were placed around the periphery to divert surface 
drainage, and the areas were covered with galva
nized sheet metal. 
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Figure 2. Typical temperature vs . time during drying 
on bridge decks. 
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As shown in Figure 2, the time required to meet 
the stated drying criterion, 110°C at 10.2 cm (230°F 
~t 4 in.), waa about wix houre in both instances. 
This is somewhat longer than encountered in the 
laboratory, but not unexpected in view of the ef
fects of wi nd and heat conductivity. Since the pro
pane consumption rate was approximately 2.44 kg/m2/ 
hr (0.5 l b/sq ft/hour ) with the heating devices 
employed, the unit fuel consumption for drying to 
4 in. was about 12.2 kg/m2 ( 2 1/2 lb/sq/ft). 
Larger unit heaters required for practical full
scale field application (units up to 3.66 m x 12.19 
m (12 ft x 40 ft) have been built) would undoubt
edly have lower fuel consumption because of reduced 
heat loss due to the smaller perimeter to heating 
area ratio. Also, shallower depths of drying will 
require less fuel, the quantity required being 
approximately proportional to the depth of drying 
in the range of 2.5-10.2 cm (1-4 in.). 

After the test areas had cooled for about two 
hours, impoundment dams for containing the impreg
nant were constructed with building brick and mor
tar, sealed with epoxy resin. For practical, full
scale bridge work, it is envisioned that portable, 
reusable dam sections might be used in conjunction 
with a suitable sealing or gasket material. For 
the purpose of this study, however, the brick and 
mortar technique was quick, efficient, and pro
vided reliable impoundment. 

After the surface temperature dropped into the 
range 45°-50°C (113-122°F), the impregnant, a 50-50 
mixture by weight of boiled linseed oil and mineral 
spirits, was introduced into the impoundment. The 
temperature range cited above optimizes the opposing 
effects of temperature and evaporation of diluent 
(mineral spirits) on the viscosity, and hence, the 
penetration rate, of the impregnant. After ponding 
the area with the 1.mpregnant, it was covered with 
plywood sheathing and a tarpaulin for weather pro
tection. 

Based on the results of the laboratory studies, 
reported earlier, the ponding process at each site 
was carried on for four days in an effort to obtain 

at least 6.4 cm (2 1/2 in.) of penetration. 
After completion of the required period of 

ponding, 10.2 cm ( 4 in.) diameter cores we~e 
removed from the two test areas to ascertain the 
depth of penetration. In all, three cores were 
removed from the Oak Hall and two from the Tof trees 
deck. The appearance of the cores shortly after 
removal are shown in Figures 3 and 4. The depth 
of heavy penetration of the impregnant is clearly 
evident in these photographs. However, as will be 
shown below, the depth of seal i ng extends con
siderably deeper than this zo ne . 

Figure 3. Cores removed from Oak Hall deck . 

Figure 4 . Cores removed from Toftrees deck. 

Each of the cores was sectioned longitudinally 
with a diamond saw. One half-section of each core 
was then polished in successive grinding steps on 
a lap to 1900 fineness. The other half of each 
core was etched with concentrated hydrochloric 
acid for about 10 minutes. The results are shown 
in Figures 5 through 8. The polished sections 
clearly show depths of penetration of 5.7 to 6.4 
cm (2.25 to 2.5 in.) ' for the Oak Hall Cores and 
2.5 to 5.1 cm (1 to 2 in.) for the Toftrees cores. 
However, acid etching reveals that the actual 
depth of sealing ranges up to 10.8 cm (4.25 in.) 
and 7.0 cm (2.75 in.), respectively. The rather 
significant difference in penetration between the 
two decks is believed to be due to the fact that 
the drying and initiation of the impregnation step 
were carried out on the Toftrees deck during a 
steady rain storm . It would definitely not appear 
to be related to the presence of deicer salts 



.. because the Toftrees deck, the deck with the lesser 
penetration, was the deck which had not been sub
jected to deicer application. In any--;vent, it is 
clear that the goal of sealing the concrete to a 
depth of approximately 6.4 cm (2 1/2 in.) was 
attained. 

Figure S. Oak Hall core specimens (polished), 

Figure 6. Oak Hall core specimens (acid etched). 

Figure 7. Toftrees core specimens (polished). 

187 

Figure 8. Toftrees core specimens (acid etched) 

Applicability of Results 

While the equipment used in this research is 
not of sufficient size to be practical for com
mercial application, it is readily amenable to 
scale-up. Based on the work reported here, it is 
estimated that with equipment of appropriate size, 
a 12 m wide by 60 m long (40 ft x 200 ft) bridge 
deck could be impregnated in less than two weeks. 
If it is assumed that 15 bridge decks of this size 
were done per year and the capital equipment is 
amortized at 6 percent, has zero salvage value, 
and a 10-year life, it is estimated that the unit 
cost, excluding contractors' profit, for commer
cial impregnation will be about $23.35/m2 ($2.17 
per sq ft). This is based on summer 1976 costs. 
Of this estimated cost, 41 percent is for the 
impregnant, 29 percent for labor, 18 percent for 
fuel, and 12 percent for capital recovery and 
maintenance of equipment. 

Conclusions 

The following conclusions appear to be war
ranted relative to the research described in this 
paper: 

1. Concrete that has been suitably dried to 
temperatures of at least 110°C (230°F) can be 
impregnated to depths of 5 to 10 cm (2 to 4 in.) 
by ponding a mixture consisting of equal parts by 
weight of boiled linseed oil and mineral spirits 
for a period of 4 days. 

2. Corrosion potentials of actively corroding 
reinforcing steel in salt contaminated concrete 
slabs are significantly reduced by impregnation 
with 50-50 boiled linseed oil-mineral spirits 
mixtures. 

3. The techniques developed were demonstrated 
to be applicable in the field and, with appropriate 
scale-up, should be commercially feasible. 

However, the long-term benefits of deep impreg
nation with linseed oil in the field remain to be 
demonstrated. 
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A DEMONSTRATION PROJECT FOR DEICING OF BRIDGE DECKS 

Charles H. Wilson, David H. Pope, Wyoming Highway Department 
Vic A. Cundy, John E. Nydahl, and Kynric M. Pell, University of Wyoming 

An experimental facility to study the use of 
gravity operated heat pipes to couple earth heat 
to a bridge deck for snow and ice control has 
been developed at a site in southeastern Wyoming. 
Fifteen heat pipes of three different designs 
were incorporated in the design and construction 
of a composite bridge deck. Nine standard heat 
pipes 24.4 m (80 ft.) long and 2.5 cm (1 in.) 
outside diameter were installed transverse to 
the direction of traffic flow 5 cm (2 in.) below 
the deck surface on 15 cm (6 in.) centers. ' These 
pipes extend from depths of 15 m (50 ft.) in the 
earth up through the earth surf ace and through 
the edge of the deck to the bridge centerline. 
The performance of the heat pipe system has been 
monitored and recorded continuously at one min
ute intervals for over one year using a variety 
of instrumentation transducers and a digital 
data acquisition system. In addition the surface 
conditions on the deck and the adjacent roadway 
were recorded photographically at five minute 
intervals during daylight hours. The results ob
tained demonstrate that heat pipes can be an 
effective means of snow and ice control on 
bridge dee ks. 

Heat pipes are a relatively recent invention (1) 
and have proven extremely efficient for transferring 
thermal energy. They have been widely used for ther
mal control of spacecraft and are being incorporated 
in an increasing variety of earth bound applications. 
Bienert and Pravda, et al. C2) proposed that gravity 
operated heat pipes be used to transfer low grade 
energy from the earth below highway structures to the 
road surface for control of ice and snow. The con
cept was investigated experimentally using several 
concrete slabs incorporating heat pipes in a study 
conducted at the Fairbank Highway Research Station 
Cl .. ~). Results of this study were used in the de
sign of a heat pipe system installed in a 366 m 
Cl200 ft.) long interchange ramp in Oak Hill, WV (~)· 
This system has operated successfully for the past 
two years. The use of heat pipes for control of 
preferential icing of bridge decks was investigated 
by Ferrara and Yenetchi in a study undertaken in 
1975 C6). Somewhat earlier, work had been initiated 
at the-University of Wyoming on modification of a 
heat transfe~ simulation for highway structures Cl) 

to treat the case of heat transfer from the ground 
to a bridge deck via heat pipes C8). The simulation 
was used to investigate the performance of a heat 
pipe system at a site located in southeastern Wyo
ming. It was shown that heat pipes could be effec
tive for the control of preferential icing; however, 
uncertainties in the thermal modeling of the coup
ling between the heat pipes and the earth imposed a 
requirement for field testing prior to incorporation 
of heat pipes in a major structure located in a 
severe environment. In the Spring of 1976, the 
Wyoming Highway Department and the University of 
Wyoming entered into an agreement to conduct a 
rather extensive research program on the thermal 
control of bridge decks using gravity operated heat 
pipes. In particular, a limited number of heat 
pipes and requisite instrumentation were to be 
incorporated in the construction of a new bridge. 
The overall objective of the research program was 
to generate an empirical data base on the insitu 
performance of gravity operated heat pipes. Speci
fic goals of the program included: 

1. Measurement of the power and energy deliver
ed to the deck by a heat pipe. 

2. Characterization of the thermal coupling 
between the earth, the heat pipe and the bridge 
deck. 

3. Investigation of the thermal recovery of 
the earth surrounding the heat pipe during periods 
when the heat pipes were not functioning. 

4. Characterization of the relative surface 
condition of the unheated portion of the bridge 
deck, the heated section of the deck and the adja
cent roadway during an entire winter season. 

S. A variety of minor studies, such as, the 
use of unconventional heat pipes. 

This paper describes the design, fabrication 
and installation of the heat pipes and instrumen
tation at the experimental site which is located at 
a bridge over Sybille Creek on State Highway No. 34 
in southeastern Wyoming. 

Conventional Heat Pipes 

A conventional gravity operated heat pipe is a 
closed chamber, generally constructed of metal, con
taining a volatile working fluid. Figure l(a) 
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Figure 1. Configurations of three types of heat pipes. 
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illustrates the standard heat pipes used in this 
study. The heat pipes were fabricated from seamless, 
cold rolled, low carbon steel tubing with an outside 
diameter of 2.5 cm (1 in.) and a 0.3 cm (1/8 in.) 
wall thickness into 24.4 m (80 ft.) lenghts. These 
tubes were evacuated and filled with 0.2 kg (0.45 
lbm) of ammonia which was also the condensable fluid 
that was used in the other two demonstration projects. 
Ov~r the temperature range that a heat pipe was 
exposed to, part of the ammonia resided as a liquid 
in a pool at the bottom of the tube while the re
maining ammonia was in the vapor phase filling the 
rest of the tube. Anytime the deck temperature fell 
below the temperature of the ground in contact with 

BRIDGE DECK 
CENTERLINE~ 

"-.GROUND\, 

l(b) 

a heat pipe, the vapor in the deck section condensed 
and flowed towards the bottom of the tube. At the 
same time, energy was conducted from the ground to 
the colder heat pipe where it evaporated part of the 
liquid a111111onia, The spring in the evaporator sec
tion was used to increase the area that was wetted 
by returning condensate. The heat pipe is essen
tially an isothermal device since the energy is 
transferred in the form of latent heat of evapora
tion instead of sensible heat. It was therefore 
ideally suited for this application where low grade 
energy was extracted from the ground. Besides its 
apparent constructional simplicity, this device is 
self-regulating, should have a long lifetime, and 
could possibly be incorporated as part of the rebar 
structure. 

Dual Mode Heat Pipes 

Three experimental heat pipes were also used in 
tha project. Their desigu Le1med here, dual mode 
is illustrated schematically in Figure l(b). As ~he 
name implies this heat pipe has two means of energy 
input. In addition to the standard evaporator in 
the ground there was an additional evaporator pro
vided at a convenient location above ground. The 
purpose of this design was to allow additional ener
gy to be transferred to the bridge surface when 
necessary by heating the secondary evaporator with 
an alternate energy source. Electrical resistance 
heaters were mounted in good thermal contact with 
the bottom of the secondary evaporator. These heat 
pipes operated as conventional heat-pipes when the 
secondary evaporator was full of liquid ammonia and 
no power was applied to the heaters. When additional 



. . power was required and the heaters were activated 
• some of the ammonia vapor from the secondary reser

voir condensed in the lower part of the pipe as well 
as in the condenser and eventually the liquid ammonia 
in the secondary evaporator was depleted. The secon
dary evaporator was then recharged through a period 
of operation as a conventional heat pipe. 

Electric Heat Pipes 

Figure l(c) is typical of three electrically op
erated heat pipes which were installed at the site. 
The evaporator sections of these pipes protruded 
from the side of the deck and were· equipped with ex
ternal heaters to provide the energy input. These 
pipes were included for two reasons. First, they 
could be heated using a controller to provide an 
accurate measurement of the power being provided by 
the standard heat pipes. Secondly, this design ap
pears to be a viable approach to coupling renewable 
energy sources such as wind energy to a bridge deck 
and therefore merits further study. 

Fabrication and Installation of Heat Pipes 

Fabrication 

Fabrication of the heat pipes involved the fol
lowing seven steps regardless of the particular type 
of pipe being fabricated: 

1. Cleaning of the tubing. 
2. Installation of the springs. 
3. Welding of the tubing sections. 
4. Evacuation of the pipe. 
5. Loading of the ammonia. 
6. Crimping and welding of the fill nipple. 
7. Testing. 
Cleaning of the tubing was initiated with a sol

vent rinse using unleaded gasoline which was follow
ed with a mechanical abrasive cleaning using SOS pads 
and alcohol. Following an acetone rinse, a clean dry 
rag was pulled through the tubes. 

The inside wall of each of the evaporator sec
tions was lined with a spring to cause the condensate 
to spiral down the pipe rather than run down one side 
in the form of a rivulet. This wets the wall more 
effectively allowing more efficient and uniform 
vaporization. There was a mechanical problem due to 
the fact that the springs must be tight against the 
inside wall of the pipe . Piano wire was wound on a 
mandrel in a lathe and placed inside the heat pipe 
where it was released to uncoil against the inside of 
the pipe. 

Welding of the 6 m (20 ft.) lengths of seamless 
tubing to form the 24 m (80 ft.) heat pipes was 
accomplished using a TIG arc welder and an end cap 
was welded on one end and a workable steel nipple 
was welded to th~ opposite end. The pipes were evac
uated using conventional vacuum techniques and then 
filled with 0.2 kg (0.5 lb) of ammonia. Finally, the 
nipples were crimped and welded. Testing of the 
pipes included resistive heating of the evaporators 
to cause the heat pipes to operate for a period of 
one month. The pipes were situated on an incline of 
approximately 5° for this test. Each weld was also 
tested chemically using a technique developed by 
NASA to. insure that the leak rate was less than 3. 3 x 
lo-7 std cc sec-1 (9). Fabrication of the dual mode 
and electrically operated heat pipes was similar to 
the conventional heat pipes. 
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Installation 

After all of the footings had been poured at 
the bridge site, but prior to construction of any 
above ground formwork, a drilling crew from the 
geology division of the state highway department 
drilled 12 holes 15 cm (6 in.) in diameter and 18.3 
m (60 ft.) deep at the locations indicated in Figure 
2. The holes were cased with 10 cm (4 in.) PVC. 
Three men assisted in guiding each pipe into its 
particular hole and all twelve pipes were installed, 
using a crane, in two hours. In order to make the 
heat pipes as unobtrusive as possible during the 
subsequent construction, they were left standing 
vertical and the 6 m (20 ft.) to 9 m (30 ft.) of 
pipe extending beyond the surface of the ground was 
guyed off as shown in Figure 3. The pipes were in
stalled in late October 1976 and remained in the 
vertical position until early in December when they 
were bent into position on top of the rebar. The 
bending operation may be seen in Figure 4. and the 
position of the pipes in the deck is shown in Figure 
5. A manual tubing bender commonly used by electri
cians was used to bend the pipes. All of the heat 
pipes were tied to the rebar at a depth of 5 cm 
(2 in.) below the surface on 15 cm (6 in.) centers. 
The 2 percent slope from the centerline to the curb 
was adequate to insure that the condensate would 
flow back to the evaporator. 

Wooden dowels were attached to the formwork un
der and in the vicinity of the heat pipes as shown 
in Figure 5. After the deck was poured, the PVC 
casing was removed from the holes surrounding the 
heat pipes with the exception of a 3 m (10 ft.) long 
sec tion which was left extending from the surface 
down into the earth. The holes were backfilled with 
bentonite up to the PVC and then the region where 
the casing remained was insulated with strips of 
rigid, closed cell, insulation. The exposed portion 
of the pipe between the earth and the bridge deck 
was insulated with standard fiberglass pipe sections 
which were in turn wrapped with a thin plastic cover. 

Instrumentation 

Temperature Sensors 

Previous investigations involving measurement of 
temperature in bridge decks and the earth have shown 
that thermistors can be a cost effective approach to 
temperature measurement; however, care must be taken 
to protect the small leads from vibration and to 
protect the thermistor and its associated circuitry 
fr om moisture (10). The technique used to instru
ment the deck involved attaching a thermistor and 
its precision resistor to each of ten pairs of 
shielded, twisted, conductors in an eleven pair 
cable. A single precision resistor was connected 
across the eleventh pair of conductors in the cable. 
The termistors and resistors were then potted in 
high thermal conductivity epoxy in one of the con
figurations shown in Figure 6. 

The approach used on fabrication of the ground 
sensors was somewhat different and was intended to 
provide more assurance that moisture would not 
penetrate the cable or sensor. A short section of 
the outer jacket of the cable was peeled back and a 
single twisted pair of conductors was cut to install 
the thermistor and associated resistor. A cylindri
cal mold incorporating a reduced diameter on each 
end was used to cast an epoxy housing for the sensor. 
The cylinder was concentric with the cable. Sili
cone rubber sealant was then applied to the exposed 
shielded conductors and the shoulder of the epoxy 
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Figure 2. Schematic arrangement of experiJJlental site. 
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Figure 5. Heat pipes and instrumentation dowels in 
the bridge deck. 

st~p. The outer jacket of the cable was pulled over 
the shoulder of the epoxy and a fine wire was used 
to clamp the outer jacket to the epoxy . A small 
amount of silicon rubber sealant was applied to the 
outside of the cable jacket at the epoxy interface. 
A ~econd multi was used to form a complete epoxy 
cylinder by filling in the region of the step. This 
sequence is illustrated photographically in Figure 7. 

The technique used to instrument the heat pipes 
in the ground was similar to those described pre
viousl y ; however, each cable included only a single 
pair of conductors. An epoxy cylinder housing the 
thermistor and its resistor was cast concentrically 
on the heat pipe at various axial locations. The 
cylinders were 4.5 cm (1.7 in.) in diameter and 2.5 
cm (l in.) in length. 

The wooden dowels installed prior to pouring the 
deck were drilled out to allow installation of the 
temperature sensors from the bottom of the deck as 
shown in Figure 8. Sensors were installed to mea-
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Figure 6. Typical temperature sensor design and placement . 
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Figure 8. Instrumentation as viewed from the bottom 
of the bridge ·deck. 

sure vertical temperature distributions in the deck 
at the locations indicated in Figure 2. In addition, 
one of each of the different heat pipes was instru
mented with a symmetrical array of temperature sen
sors approximately at the midpoint of the condenser. 
Temperature sensors were also located on the surface 
of each heat pipe approximately 0.6 m (2 ft.) from 
the centerline of the bridge. The dual mode heat 
pipes each had a thermistor on the secondary reser
voir approximately 2.5 cm (1 in.) above the bottom 
and an additional thermistor about 0.3 m (1 ft.) 
from the secondary evaporator on the surface of the 
condenser. 

Two ground temperature instrumentation cables 
were fabricated with temperature sensors located at 
1.5 m (5 ft.) intervals over a distance of i2 m 
(40 ft.). These cables were installed in 15 cm 
(6 in.) diameter holes indicated in Figure 2. which 
were then back filled with sand. 
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Table 1. Meteorological Instrumentation. 

Parameter 

Relative 
Humidity 

Solar 
Radiation 

Reflected 
Radiation 

Wind Speed 

Wind 
Direction 

Barometric 
Pressure 

Precipitation 

Temperature 

Sensor 

General Eastern 
Model 400-C 

Eppley Labs 
Model B-48 

Eppley Labs 
Model B-48 

Electric Speed Indicator 
Model 420CR 

Electric Speed Indicator 
Model 420CR 

H.E. Sostman Co. 
2014 

Science Associates 
Model 598-2 

Yellow Springs Inst. 
Thermilinear Thermistors 

Meteorological Sensors and Data System 

ThP. ~eteorological sensors and the data acquisi
tion system were moved from the site of a previous 
experimental program and installed at the Sybille 
Canyon project after refurbishment and calibration 
in the laboratory. A list of the transducers in
stalled at the site is provided in Table I. The 
data acquisition system is housed in the concrete 
shed illustrated in Figure 2 .. This system was de
signed and fabricated at the University of Wyoming 
and is capable of sequentially sampling, digitizing, 
and recording 100 channels of analog input in less 
than four seconds. The entire system consisting of 
a line voltage regulator, digital system and digital 
recorder is mounted in one instrumentation rack. 
The digital system includes an electronic multi
plexer, amplifier, A/D converter, digital clock, and 
a logic module. These components are mounted in 
functional arrays on printed circuit boards. A rack 
mounting unit with appropriate card guides and term
inal stripe houses the complete digital system. In 
order to isolate the data acquisition system from 
transients introduced by the various heaters and the 
air conditioner in the instrumentation shed, a 
separate power line, operating off its own step down 
transformer, was provided. 

Precipitation data was obtained from the Wyoming 
Game and Fish Commission Sybille Canyon Experiment 
StRtion, which ia 0.8 lcm (0.5 mi.) west of the 
bridge site. 

Other Instrumentation and Cabling 

Surface conditions on the bridge deck and the 
adjacent roadway were monitored using a time lapse 
camera which was mounted on the instrumentation rack. 
The camera is a modified super eight movie camera 
which can be driven electronically by a variable 
timer which was set to provide a photograph every 5 
minutes during daylight hours. 

Power delivered by the standard heat pipes was 
measured indirectly by heating the electric heat 
pipes so that their condenser temperature matched 

Sensor Range 

0-100% 

-2 -1 
0-2cal. cm min 

0-100 Knots 

0-360 Degrees 

19.2-25.7" Hg 

Yes-No 

-50"C-+150°C 

Sensor 
Accuracy 

±0.5% 

+1% 

+1% 

+1% 

+1% 

+0.1% 

+0.15% 

System 
Accuracy 

+0.5% Hlimidity 

-2 -1 
*.02cal.cm min 

-2 -1 +. 02cal. cm min 

+l Knot 

+4 Degrees 

+0.065" Hg 

+o.32°C 

the condenser temperature of the standard heat pipes 
and recording the amount of power delivered to the 
electric heat pipes. A simple binary controller was 
found to be suitable for maintaining the temperature 
of t~e electric heat pipes within 1 c• (l.B F0

) of 
the standard pipes. 

Two 10 cm (4 in.) diameter PVC conduit were run 
underground from the shed to the bridge. All of the 
data cables installed on the bridge were run in 
steel conduit to a box at the bridge end of the PVC 
conduit and then through the PVC back to the instru
mentation shed. The AC power lines for the various 
heaters and a utility outlet installed under the 
bridge were routed through the other PVC conduit in 
an attempt to isolate noise from the data lines. 
Cabling for the heat pipe instrumentation installed 
in the ground was gathered in a metal box located 
just below the earth surface in the heat pipe field 
and run through an underground conduit to the instru
mentation shed. The roadway instrumentation cable 
and the ground cable were also installed in metal 
conduit. 

Testing and Calibration 

The fixed value precision resistors on the in
strumentation cables provided a means of correcting 
the temperatures read by the data system for syste
matic errors. Several different values ot resis
tance were used so that any nonlinearity in the 
system response could also be detected and taken 
into account. Based on twelve months of data from 
these resistors a systematic correction of 0.4 c• 
(0.7 F0

) was applied to all temperature readings. 
Thermistors also exhibit a systematic nonlinearity 
which was almost completely compensated for using a 
sinusoidal response correction. With both of these 
corrections taken into account the absolute accur
acy of the temperature measurements is± 0.3 c• 
(0.5 F0

). 

Calibration of the radiometers was accomplished 
by direct comparison of their outputs with a super 
radiometer which was periodically taken to the field 
site. The anemometer and humidity detection system 
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. - were calibrated in the laboratory periodically. Wind 

direction and barometric pressure transducers were 
not calibrated on a routine basis but were periodi
cally checked for consistency. 

Results and Conclusions 

The data acquisition system has been recording 
data continuously at one minute intervals since 
March 1977. During this period two of the sixty 
thermistors installed at the site have failed. A 
power supply in the digital system failed causing the 
loss of two days data, an instance of improper mount
ing of the magnetic tape caused the loss of six days 
data, and a power disruption due to a severe storm 
accounted for the loss of three days data. A de
crease in the brush contact force on the anemometer 
resulted in invalid readings of wind speed during a 
thirty-day interval. 

A detailed study of the accuracy of the t€mpera
ture measurements indicated that the design of the 
temperature sensors was not only effective in pro
viding protection from the environment but also led 
to accurate readings. With the exception of the 
anemometer the meteorological transducers and the 
time lapse camera proved extremely reliable. 

In summary, of 487 days when data could have 
been recorded there were eleven days during which 
all data was lost. In addition there were 36 days 
when the wind speed data was in error. 

The heaters for the dual mode and electric heat 
pipes utilized nichrome wire resistance heaters 
which were originally designed to provide 600 w 
(2050 Btu/hr) each. The high power requirement and 
compact design led to repeated heater failures. In 
January of 1978 the heaters for the electric heat 
pipes were replaced utilizing a design which incor
porated shielded nichorme wire and provided 300 w 
(1025 Btu/hr). Although some noise problems were 
originally encountered in the operation of the 
electric heat pipe controllers they were found to be 
very effective in tracking the temperature of the 
standard heat pipes, The dual mode heat pipes were 
operated on numerous occasions with manual control 
of the heaters on the secondary evaporators. The 
period for which the heaters could operate prior to 
depletion of the ammonia in the secondary evaporators 
was found to be a linear function of the power ap
plied. 

A detailed description of the performance of the 
heat pipe system has been given elsewhere (!]:) but in 
the interest of completeness those results will be 
summarized here. In response to a rather severe 
environment where the yearly mean temperature was 
6. 70C(44°F) and the monthly average temperature for 
January was -5.3°C (22.5°F) the heat pipes functioned 
intermittently from September to May. Typically, 
they provided energy to the deck during the night and 
in the daylight hours if precipitation occurred. 
However, even in severely cold weather the solar 
heating of the deck which occurred during the day was 
generally sufficient to heat the deck above the earth 
temperature at depth thereby shutting off the heat 
pipes. During an eight month period each pipe 
delivered in excess of lxl09 joules (lxl06Btu) at an 
average rate of 125 w/m2 (40 Btu/hr-ft2). A monthly 
summary of the energy flux is given in Figure 9 where 
it may be noted that the maximum flux occurred in 
November. The earth surrounding the heat pipes was 
cooled a maximum of 7C 0 (13F 0

) below the undisturbed 
earth in January; however, the temperature at the 
surface of the heat pipes recovered to the undis
turbed earth temperature by J~ly. 

The heated portion of the deck was below freezing 
30'7. of the time that the standard deck' was below 
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Figure 9. Energy flux for a single heat pipe. 
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Figure 10. Typical early morning snow pack. 

Figure 11. Typical snow pack situation as day pro
gresses. 

freezing. Although the surface of the standard (un
heated) bridge deck was colder than the surface of 
the adjacent roadway it was, on the average, only two 
degrees colder and as a result the roadway had only 
7% less time below freezing than the standard deck. 
The roadway, however, experienced twice as many 
freeze-thaw cycles as the standard deck. 

Although the heat pipes were not capable of melt
ing all of the snow as fast as it fell, they were 
completely successful in eliminating all instances of 
preferential icing. Figures 10 and 11 are typical of 



196 

Figure 12 . Typical 28 hour period exhibiting diurnal cycling of heat pipes. 
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the two most common situations involving accumulated 
precipitation. The case where the heat pipes were 
melting the snow and both the roadway and unheated 
deck were snow covered is shown in Figure 10. 
Generally, as the day progressed the roadway would 
clear and the situation shown in Figure 11 would 
develop. 

Figure 12 depicts some of the most significant 
environmental variables and the corresponding sur-
f ace temperature for the standard deck, heated deck 
and the adjacent raodway. Also shown in the figure 
is the power delivered by a heat pipe. The diurnal 
cycling of the heat pipes in response to the thennal 
coupling of the environmental parameters to the deck 
is evident. For the period of heating shown the 
average power is 80w (273 Btu/hr) and the peak power 
is lOOw (342 Btu/hr). It may be seen that the 
heated portion of the deck remained above freezing, 
corresponding closely to the temperature of the 
adjacent roadway, whereas the unheated deck was 
below freezing a significant amount amount of time 
and experienced a freeze-thaw cycle. 

Heat pipes utilizing energy from the upper !Sm 
(SO ft.) of the earth have been demonstrated to be 
effective in eliminating preferential icing of a 
section of bridge deck in a quite severe environment. 
The location of the heat pipes in the bridge and the 
manner of installation were selected to minimize 
problems associated with construction of the bridge 
and interfacing of the bridge and heat pipes. It 
would not only be difficult to use a similar approach 
on an entire bridge of any size, but also rather 
expensive. There are two avenues for future study 
which could significantly reduce the cost of a heat 
pipe system and also reduce the potential construc
tion problems. Techniques for manifolding several 
heat pipes from a single header pipe should be 
investigated. In addition, techniques for field 
assembly of a heat pipe composed of two or more 
segments would compliment the manifolding study. 
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RELIABILITY APPROACHES TO BRIDGE SAFETY 
AND TRUCK LOADING UNCERTAINTIES 

Fred Moses, Case Western Reserve University 

Design decisions for highway structures can uti
lize probability and statistics to express un
certainties in vehicle loading, analysis, 
strength and construction control. Structural 
reliability research is described to provide de
sign codes with consistent risk levels and opti
mal designs. A detailed reliability approach is 
presented for deriving load and performance fac
tors for steel element fatigue design. The un
certainties in truck weight, volume, headway, 
strength distribution (analysis), impact and 
fatigue life are included. The fatigue load 
model is extended to strength design by consi
dering two behavior levels. The first level 
utilizes a limit state format with element-ori
ented load and performance factors derived for 
components with failure criteria such as maximum 
moment. Ultimate strength is recognized in a 
second level check with system coefficients 
based on the ratio of the load causing sienifi
cant bridge distress to the limit state load. 
Code oriented research is described to derive 
system coefficients for various types of bridge 
structures using nonlinear and ultimate load 
analysis. The goal is to utilize the load mar
gin between an element limit state and major 
bridge damage to contain load uncertainties in 
future load growth and overweight vehicle oper
ations. The sparce load data available has in
hibited introduction of reliability oriented 
specifications. A project is described for un
detected weighing of vehicles in motion using 
instrumented highway bridge girders. The field 
results show its feasibility and opportunities 
for filling in missing data on load history and 
overweight vehicles. 

The design decisions for highway structures in
volve uncertainties in loading, analysis, strength 
and construction control. Historical experience is 
an excellent guide for evaluating proposed design 
changes which affect the safety margin. This expe
rience should also be supplemented by probabilistic 
and statistical analysis which quantifies these un
certainties. 

The codified variables for controlling designs 
are the prescribed safety factors. These factors 
should reflect the degree of uncertainty in 
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predicting behavior and the risk and consequences of 
not meeting performance criteria. Recent research 
in structural reliability theory has shown how load, 
analysis and strength uncertainties can be quanti
fied to determine their impact on rational safety 
factors (1). In these studies, uncertainties are 
described- as random variables and through probabi
listic analysis the risk of damage or unservice
ability is computed. This computation is often ap
proximate to reflect the limited data base in most 
structural situations. Design factors can still be 
derived, however, to achieve structures with more 
uniform risk levels based on the corresponding un
certainties. 

Code developments using structural reliability 
theories have been studied for adoption in steel 
buildings, concrete structures and offshore plat
forms (2,3,4). These reliability changes can also 
affect the economy of the structure. For example, 
savings in bridge structures would result by re
ducing design uncertainties through more load-data 
collection, accurate behavior analyses or improved 
construction quality control. 

There are some important differences between 
highway bridges and buildings in applying structural 
reliability principles. Buildings are affected pri
marily by environmental (wind and seismic) loads 
which can be analyzed statistically from historical 
data. In bridges, especially short and medium span 
structures, the major loading is due to heavy trucks. 
Its statistical description is not precisely known 
due to limited and possible biased data and further
more, evolves over time after the bridge is con
structed. In addition, truck loads are repeated by 
millions of passages durin~ a bridge lifetime so the 
statistical problem of estimating maximum loads 
(which also include multiple presence of more than 
one .vehicle on the bridge) is quite formidable. 

A reliability oriented strategy requires load 
statistics and design factors to provide safe struc
tures, i.e., meet strength and serviceability limits 
and also be economical over long periods of time. 
An example of a code "strategy" is the AASHTO speci
fication of its design vehicle (5). This vehicle 
weighs less than the legal load-limit and is also 
considerably lighter than vehicles known to use 
the roadways, either by permit or illegal passage. 
Safety is maintained, however, by conservative dis
tribution and material safety factors which are more 
than adequate based on load tests and examples of 
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bridge performance (~.l,JI.). 
A number of studies have investigated the problem of 

bridge live loads and safety (2,10,.!l_). A recent 
Symposium brought co light practices from different 
countries (12). The need for a rational methodology 
co derive design loads also became apparent in re
search for a li.mit state oriented bridge code (13). 
Similar problems in assessing load and bridge beha
vior uncertainties affect the nonnal operation of 
authorizing permit vehicles and establishing proce
dures for racing of existing bridges (14) . 

This paper presents a reliability-based frame
work for bridge design and analysis, especially the 
rational determ.ination of truck loadings . The intent 
is not co present detailed code recommendations but 
rather co explore a general methodology for deriving 
reliabili ty oriented bridge codes. The first prob
lem described is a loading model to predict fatigue 
behavior. The uncertainties in truck weight, head
way, volume, stringer distribution (analysis), 
impact and fatigue life are presented. A design ca
libration is described co produce uniform but small 
probabilities of premature cracks. An extension of 
this loading model is described for strength des.ign 
and a strategy is described for achieving a uni form 
reliabi lity by also considering the ultimate beha
vior of the bridge. A major factor in a bridge ana
lysis is accurate load data because of the frequency 
of overloaded vehicles on our various highway sys
tems. The paper describes a current project at Case 
to obtain such data by using highway bridges as 
load scales to weigh, undetected, vehicles in motion. 
Possible applications of the system are described 

Reliability Theory 

The fundamental problem of structural reliabi
lity is illustrated in Figure 1. A single element 
with strength, R, is subjected to a load, S. R and 
S represent the random variables associated with 
strength capacity and loading including analys i s un
certainties. These random variables may be described 
by frequency distributions. The overlapped portions 
of the curves in Figure 1 indicated regions of risk 
where load (S) exceeds capacity (R). The probabi
lity of failure (Pf) or risk may be calculated from 
these frequency distributions (fR(r) and fs(s)) as 

Risk, Pf Probability [R < SJ 

s 

J [ j fR(r)dr] f 5 (s)ds (1) 

s 0 

Risk decreases with increasing safety factor (ini
tial cost). We can express the total cost (Cr) as 
illustrated in Figure 2 as 

(2) 

where: CT total cost 

c = I 
initial cost 

cf cost of failure 

An optimum or minimum cost occurs when the slope of 
initial cost (Cr) equals the negative slope of equi
valent failure or insurance cost (Pf x Cf)• 

The calculations in equations l and 2 can be 
used with precision only if there is high confidence 
in the load and resistance statistical data. Other
wise, relative measures of risk have been proposed 
which contain the important reliability parameters 
and can be used in deriving code safety factors 

(15,16,17). One simple approach is to define a 
safety margin (Z). 

Z = R - S 

199 

(3) 

Failure occurs if Z is negative. The most important 
statistical parameters of Z are its mean (Z) and 
variance (cr~) expressed as 

Z = R - S (4) 

and cr 2 = a2 + a2 
Z R S 

(5) 

A measure of risk is the safety index (8) or the 
number of positive standard deviations contai ned in 
the safety margin. (If R and S are normal variables, 
entering 8 in the standard normal distribution tab l e 
gives the risk.) To arrange a design format, note 
that (Q) 

8 = _L 
crz 

R - S 

la~+a~ 
(6) 

(7) 

Making the latter substitution in equation 6 and re
arranging terms gives a safety check as 

(8) 

where VR and Vs are the nondimensional coefficients 
of variation (standard deviation divided by the 
mean) of strength and load respectively. Load (y) 
and (~) factors are, therefore, dependent on the 
safety index and their respective coefficients of 
variation, i.e. 

(9) 

y = 1 + 0.78V5 (10) 

Extensions of these basic equations have been re
ported for load combinations, nominal rather than 
mean values of var i ables and a lognormal (R/S). form 
of equation 3 rather than the normal (R - S) <.!.~). 
Equations l - 10 give a theoretical basis for de
riving safety f actors based on probability theory 
and corresponding s t a tistical paramece·rs. These 
equations have already been used when introducing 
limit state formats whi ch separate load and per
formance safety factors (2, 4 ,13). Past experience 
must be incorporated thro;J°gh a-code calibration 
process (18). This calibration cannot be overem
phasized as the introduction of reliability formats 
must proceed with caution especially for "fleet" 
type systems such as highway bridges. 

Loading for Fatigue Design 

The uncertainties in repetitive vehicle loading 
include truck dimensions, weight histograms and 
volume, possible changes during bridge lifetime of 
weight and volwne and the likliehood of multiple 
presence of trucks on the bridge causing load super
position. For example, highway trucks vary in their 
number of axles and axle spacing , truck type, dis
tribution of load to axles and gross weight. The 
frequency of different vehicle combinations depends 
on location (urban, suburban, rural and industrial, 
etc.), time, season and other economic factors. 
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Several studies of the different truck types 
cz , 19) have concluded that reasonable accuracy in 
loadtng histories can be obtained if all the truck 
types are lumped into a few s pec i f i c categories . 
This is because axle weights and total gr oss wei ghts 
are the majo r factors aifecc.ing girder stre·sses while 
axle spacing and load distribution are of secondary 
i mportance. The f a tigue behavior i s also an aver
aging process depend ing on the load spectra rather 
than the speci fic occurrence of a relatively few 
l oad cycles. It has been suggested that even two 
truck types would be sufficient for a fatigue model 
lumping all vehicles as either tracto r trailers or 
single unit trucks <12)· As a justification, note 
that five axle tractor trailers often comprise on an 
interstate highway over half of the truck traffic 
stream. 

Stress ranges at critical locations may be cal
culated as a function of bridge dimensions and the 
bending moments derived from the truck configurations. 
Uncertainty in stress analysis inc l udes the distri
bution of total static bending moment to individual 
girders and also the dynamic response. 

Fatigue properties of steel highway bridge com
ponents may be estimated from the considerable 
amount of experimental work done over the last few 
years (20). The tests show that fatigue life is de
pendent-;Jn stress range amplitude with different 
weld or attachment details behaving like stress con
centrations. The results may be expressed as: 

N 53 
s c (11) 

where: N - number of cycles to failure 

5 - stress range in consLant amplitude 
sinusoidal loading 

c - a constant depending on weld or 
attachment category 

c may be expressed in terms of the stress range at 
2 million ~ycles (any point on the fatigue curve 
could be used since a plot of log 5 vs. log N for 
the test data often exhibits no apparent fatigue life 
limit). This gives: 

(12) 

or substituting in equation 11 for the number of 
~ ycles to failure, N, 

N = 2 x 106(52 x 106)]3 

53 
( 13) 

Where: 5( 2 x 106) - is the stress range amplitude 

for failure at two mill±on cycles. 
Laboratory tests also suggest that damage under 

random amplitude cycles can be estimated frnm thP. 
Miner linear cumulative damage theory. Fatigue fa i l
ure occurs when the damage sum equal one, or: 

Damage, l.l (14) 

Where: f(Si) - fraction of stress cycles at ampli

tude sl. 

N(Si) - number of constant stress (Si) cycles 

to failure (See equation 13). 
V - total number of load cycles taken as 

the truck volume. This means each truck 
passage causes one cycle of load. 

To further simplify calculations we assume that 
stress is proportional to vehicle weight (this is 
accurac~ foL fiAed t1u~k dimensions). in order to 
normalize the data we designate a fixed dimension 
design truck, say of 72 kips, which causes a stress 
range, S (see Figure 3). These assumptions imply 
a fixed felationship between stress range (S) and 
truck weight (W). 

s 
r 

s = w 72 (lS) 

Substituting in equation 14 the expression for N 
from equation 13, and replacing 5 from equation lS 
gives: 

{
ws ) 3 

l f(W) Tz (16) 

Replacing the volume by the daily truck traffic 
(ADTT) and a SO year life and rearranging terms gives 
for the damage, D: 

D 

(17) 

Where: L 

The summation, L, is denoted as the loadometer sur
vey value anrl is a weighted average of truck loads 
using the cubic factor from the fatigue life data. 
Several state loadometer surveys were studied by 
Pavia giving loadometer values ranging from .28 to 
.S2 with a value of .4 being slightly above aver
age (21 ). This study showed the increase over time 
of both the load histogram and the truck volume. 
One disconcerting result was the inconsistencies 
between loadometer survey values in similar regions 
of the country or interstate highways passing 
through adjacent states . Also, there were differ
ences in the high weight portion of the histograms 
between data taken from weigh station enforcement 
and data for loa<l survey purposes (no penalties for 
violations). This is because overweight vehicles 
bypass enforcement stations. There is a need for 
more reliable data for bri<lge design purposes and 
this is discussed further below. 

Solving equation 17 for the allowable stress 
range, Sr, for a damage, D = 1, gives 

1/3 (18) 

The allowable stress range, Sr in equation 18 is the 
stress range which for the weighted truck histogram 
given by L and volume ADTT just reaches the fatigue 
damage criteria at the end of SO years. A safety 
check means that at each critical weld location the 
al l owab l e stress range, Sr, should be cOTDpared to 
t he destgn s tress, Sg. The conventional approach is 
used here in which tfie g ross bending moment is com
puted from the design vehicle increased by the im
pact fact or. The g i rder moment is found by multi
plying by the distribution factor . The design 
stress range, s

8
, may therefore be written as: 
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s 
g 

Where: 

~ g h I s 
x 

(19) 

~ - moment range calculated with a speci-
fied fixed wheelbase design truck 
weighing 72 kips and having average 
tractor-trailer dimensions as shown 
in Figure 3. 

Sx - girder section modulus 

g - stringer distribution factor depending 
on stringer spacing and deck confi
guration 

h - average headway or multiple presence 
factor 

I - impact factor 

The factor (h) is used to incorporate the multiple 
presence of trucks on the bridge causing superpo
sition. In a reliability format, the safety checks 
mean the comparison of design stress (equation 19) 
cau.sed by the load with allowable stress (equation 18) 
based on the strength after determining suitable 
probability-based load and performance safety fac
tors. These factors must be found by treating as 
random variables the strength terms, s 2 x 106, L and 

ADTT and the load term, :1R• g, h, I and Sx· In this 
general reliability model the uncertainties, there
fore, include load, highway bridge analysis and 
strength. Walker (11_) has discussed the probability 
distribution of some of these parameters incomputing 
the probability distribution of the bridge life. 
Knab, et al (ll), have applied such distributions to 
the design of military bridges. For civilian high
way bridges, the uncertainties in load and the li
mited data base require an approximate safety index 
code format to control the risk of premature fatigue 
during the expected bridge lifetime. Following the 
reliability theory described in equations 1 - 10, 
a margin of safety ratio, Z, is defined as 

z = STRENGTH 
LOAD 

s 
r 

s 
g 

(20) 

The safety index (8) for this case has been defined 
from a lognormal format and leads to the following 
expression (_!): 

Ln S - Ln S 
r 8 (21) 

-Jv~ + v~ 
r g 

Where: s 
r - mean allowable stress range 

s - mean design stress range 
g 

vs - coefficient of variation of s 
r r 

vs - coefficient of variation of s 
g g 

The safety index (8) has a similar interpretation 
as in equation 6 except that it gives a precise pro
bability value if the variables are lognormal rather 
than normal. (Since Sr and Sg are made up of the 
products of random variables a lognormal ratherthan 
a normal format is preferred.] Eliminating the 
square root term as in equation 7 and rearranging 
terms gives as a safety criteria: 

(22) 
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Both Sr and Sg in equations 18 and 19 are re
lated to the same 72 kip design vehicle. Equation22 
can be used as a safety check to derive respective 
load and performance factors. 

Using equation 19, the mean girder design stress 
(load) is: 

i1si11 
s 

r 
g s 

(23) 

x 

and Load Coefficient of Variation 

vs -v v2 + v2 + v2 + v2 + v2 
h I s g Mf g x 

(24) 

From equation 18, the mean allowable Stress (strengt~ 
is: 

s 
r s, , 10' [c :~>j l/J 

and strength coefficient of variation: 

(1 v~ 2 +(t v~ 2 

(25) 

(26) 

Where ~1v~ )· ih)· h(vh)' I, (vr) and sx(vsx) 

are mean (coefficient of variation) of moment range, 
girder distribution, headway superposition,' impact 
and section modulus respectively. 52 x 106 

(vs2 x 106)' i(v1)· v(vv} are mean (coefficient of 

variation) of constant amplitude fatigue stress at 
2 million cycles, loadometer survey and volume re
spectively. Each of these statistical parameters 
must be estimated for the specified bridge traffic 
and section being checked. 

From a practical code viewpoint, the means and 
coefficients of variation can be combined into dis
crete load and performance factors for various cat
egories of roadway and weld attachments. Statisti
cal data for carrying out the codification can be 
found from loadometer surveys, field measurements 
of stress histories and laboratory fatigue data . 
This information has been reported to code commit
tees in a format which leads to more uniform safety 
levels (24). 

In general, proposed changes in design specifi
cations should not lead to drastic differences in 
design section values. This involves examining 
current structures which are believed to have good 
performance and computing their implied safety index. 
If these structures are generally considered not to 
be excessively over-designed, then some represen
tative average of their safety indices becomes the 
target goal in a new, balanced risk code format(.!. •. ~). 

For the fatigue design model the calibration of 
the reliability format uses equation 21 to calcu
late 8 for a number of different bridge conf igur
ations, traffic and weld combinations. This was 
done to determine the safety index, (8) implied in 
current design (21,25). A weighted value of the S's 
becomes the risk"""Tevel in the code format with each 
load and resistance parameter calculated from equa
tions 22 - 26. Typical 8 values using current de
sign are found in the range of 1.5 to 3.0. An ad
vantage in using equations 21 - 26 to derive code 
design factors is to achieve a more uniform safety 
level. This has been studied and the specific 
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results published but its presentation herein is be
yond the present scope of this paper (1!_,25). 

Reliability Model for Strength Design 

Many of the uncertainties in modelling fatigue 
loading are also found in describing strength beha
vior. For example, analytical and simulation studies 
have found the distribution of maximum bending mo
ments using weight histograms, truck characteristics 
and multiple presence frequencies (10,19). These 
studies highlight the influence of these uncertain
ties on the peak distribution. Several important 
differences, however, should be considered between 
fatigue loading and a model for strength design. 

1. The number of repeated loadings on a typical 
short or medium span bridge can easily exceed fifty 
million during its lifetime (i.e., ADTT > 2700 for 
a projected 50 year life). This causes formidable 
statistical problems to estimate the maximum loading 
distributions which are sensitive to the distribution 
tails used for multiple presence, truck weight, truck 
characteristics, impact, etc. The confidence in such 
distribution tails is small and casts doubt on the 
validity of these maxi.mum load predictions. 

2. A strength failure is often more severe than 
a fatigue crack so the safety index or risk level 
must be more conservative. This further limits the 
usefulness of simulation based on the current load 
data. 

J. Predictions based on truck load "data" use 
measured or available information which may not cor
respond to maximum loads. The latter may, in fact, 
"'rioc due to il!t?gally uverweight vehicles upe1·alln~ 
on the highway system. 

4. The specified design load may also have po
litical implications. If the specified design loads 
are the maximum expected loads, then these values 
may be cited to justify legislative increases in the 
legal load limits. For example, one load data study 
has shown, at least for axles, that the percent of 
illegal values remains almost constant and indepen
dent of the legal specified value (26). Marketing 
practices may encourage illegal loads so judgement 
and control must be exercised in raising design 
loads. 

5. Despite the difficulty of predicting maximum 
loading the fact remains that few bridges exhibit 
failure due to a negative margin of safety (R - S) 
as illustrated in Figure 1. One explanation is the 
overload capacity contained in conservative analysis 
and design practices. Tests on recently constructed 
bridges show reserve strength several times in excess 
of the design load without encountering distress (~). 
For example, failure of steel beam-slab bridges is 
a progressive development under increasing load with 
large deformations, cracks and local buckling pre
ceding collapse. 

The uncertainty of load data coupled with the 
problems cited above make it difficult to derive 
appropriate safety factors for these solutions. 
Figure 4 shows three typical structural responses 
for bridge behavior. Damage vs. load is plotted in 
Figure 4a for a statically determinate or brittle 
structure which exhibits little reserve strength 
beyond a serviceability limit and failure is quite 
sudden. Figure 4b illustrates a response for a 
structure with moderate reserve strength which ex
hibits progressive damage as the load increases. 
Figure 4c shows a structure with large reserve 
strength capabilities and small amounts of damage 
until the load has exceeded several ti.mes the ini
tial serviceability limit. 

Figure 5 illustrates the load and response uncer
tainty superimposed on these damage vs. load curves. 
The expected dau1age cost: (D) may be calculated by 
integrating over the load distribution (f(l)) as: 

Damage Cost, 

where fD(dlL•t) is the conditional damage frequency 

given a load l. The difficulties in finding precise 
distributions for the damage cost are apparent from 
the previous discussions of the load and strength 
uncertainties. This points, however, to designing 
for the whole range of responses from serviceability 
damages through collapse and even maintenance and 
rehabilitation. Some general conclusions are, how
ever, obvious. Bridges, with behavior as in Fi
gure 4a, show few signs of distress prior to high 
damage levels being encountered. These bridges are 
less likely to exhibit any warning signs under loads 
less than the vehicle loading causing significant 
damage. A bridge, as in Figure 4c would show signs 
of distress at loads significantly below the ulti
mate load. It would provide the safe options of 
strengthening the bridge or tightening the enforce
ment of load limits. 

The following design approach is a general guide
line. It is not intended that each bridge be studied 
this way. Rather, it suggests tools for codewriters 
and researchers to classify groups of structures and 
provide more uniform reliability levels than curren
tly exist. 

1. Develop a safety index analysis (a) using a 
strength limit criteria. This would be used to de
rive element oriented load and performance factors 
as in the current AASHTO and other codes. Rather 
than categorizing this member design as the strength 
limit we should recognize that it is only another 
control on performance. It does not recognize the 
potential of the bridge to resist collapse or even 
large damage under major overloads. This would only 
be predicted by an ultimate load analysis to derive 
a damage curve as in Figure 4. It also implies that 
the definition of element strength is not critical 
and could either be elastic stress, plastic moment 
capacity, maximum strain, etc. Since the "damage" 
levels in this level of element strength or service
ability limit state are not severe, the safety index 
(6) need not be as high as for a true strength limit 
state. 

2. Research on behalf of code writing agencies 
should perform ultimate nonlinear behavior analysis 
of various types of bridge structures. These ana
lyses, supplemented by test data should lead to da
mage vs. load curves. The results should also show, 
the distribution of reserve strengths beyond the ser
viceability limit state. 

J. One possible additional input to codified 
design is a computed ratio of ultimate (U) to servi
ceability load (S). This should be incorporated in 
the strength performance factor as a system coeffi
cient. This system performance coefficient should 
be in addition to the element strength factorderived 
from the conventional ·reliability theory described 
above. Ii the ratio (U/S) is close co one, as say, 
in a structure with important non-redundant elements, 
the system coefficient would be large, say at least 
2.0. II the ratio of U/S is large, as in the slab
beam bridge where it may exceed 4 or 5, then the 
partial system factor may be much smaller, say 1.2. 

4. These proposals contained herein are only 
preliminary conclusions, as further study is needed 
of full-scale bridge perfoI'!llance. In addition, 



accurate load statistics must also be made available. 

Load Data 

A major obstacle to a probability oriented speci
fication for bridge strength is the relativelysparce 
load data available. The load history studies which 
accumulated data for fatigue design primarily mea
sured stresses at critical attachment locations (6,7). 
Generally, these studies could not relate to the-Ve: 
hicle configurations, headways and axle loads causing 
the stresses being measured. While such detailed in
formation is unnecessary for predicting repetitive 
fatigue loads, they are important for establishing 
design loads. The extensive strain-history study per
formed at Case Western Reserve University in Ohio 
measured some 20,000 trucks crossing on ten bridges 
and considered headway and truck type in the auto
mated data acquisition and processing (lZ_). Random 
gross vehicle weights, axle spacing and axle weights 
were not recorded. 

The loadometer survey data has obvious inconsis
tencies since overweight vehicles avoid the survey 
stations because of penalties. This truncates the 
significant part of the load distribution. To improve 
the situation, a current project at Case has instru
mented longitudinal girders of beam-slab bridges as 
load scales. The system obtains undetected weight 
information to produce an unbiased load data base. 

During the last decade there have been several 
systems developed to weigh vehicles in motion (WIM). 
These WIM systems have utilized pavement scales or a 
section of roadway cut out and replaced with a slab 
held by instrumented supports. One difficulty with 
the WIM pavement scales is that the wheels are in 
contact with the scale for a very short time, say 
5 - 10 milliseconds. The contact forces between tire 
and roadway undergo significant oscillations espe
cially for typical roadway roughnesses encountered. 
Since the oscillation period is large compared to the 
time on the scale, the latter records a discrete 
value at some point on the oscillation which can be 
above or below the true static value. In a typical 
vehicle moving at high speeds, the tire force oscil
lations can easily exceed 50% or more of the static 
value. Hence, pavement scales require extremely 
smooth surfaces some distance in front of the scale 
and this surface must be periodically restored to 
maintain smoothness. If this is not done, then the 
best scale application would be low velocity oper
ations, say at a busy survey station to segregate 
heavy vehicles for testing on the static scales. 
This does not solve the problem, however, of obtaining 
accurate data for vehicle load prediction. 

The approach described here uses strain records 
of instrumented girders. A major requirement for 
accurate weight prediction is a description of the 
vehicle's dimensions. This is obtained by roadway 
sensors such as pneumatic tubes. A schematic of the 
operation is shown in Figure 6. The sensors provide 
the vehicle description while the analog strain data 
is digitized and stored in the computer for processing. 
To date, the processing is not carried out in the 
field but the data is stored on magnetic tape for 
subsequent computer processing. 

Weight prediction is done as follows: The mea
sured strain record (M*(t)) is compared to a pre
dicted signal (M(t)) based on the vehicle's confi
guration, axle spacing and bridge influence line 
(I(t)) (the latter can be obtained analytically or 
more accurately from calibrating with a vehicle of 
known axle spacing and weights). Thus the predicted 
signal is 
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M( t) L Ai Ii(t), i 2 1, nwnber of axles (29) 
i 

where Ai are the unknown axle weights as shown in 
Figure 6. An error difference function, E, may be 
calculated as 

E = J [M*(t) - M(t)] 2dt 

time 

(30) 

where the integration is over the time taken by the 
truck to cross the bridge. Substituting equation 30 
for the predicted signal M(t) gives: 

E (31) 

Minimizing the error (i.e., least square fit) gives 
a linear set of equations to solve for Ai. 

This procedure has been tried in the Case Weigh 
in Motion system with promising results for weighing 
trucks in an undetected manner. The actual cost per 
bridge-scale is quite small and can utilize reuse
ab'le strain transducers. The investment is primarily 
in the electronic recording and processing equipment 
which can be transported to several sites. Further 
effort is underway to improve the accuracy of the 
system and to expand its usefulness. 

Some examples of the results are shown in Tables 
1 and 2. These show the weight obtained at a survey 
station and the values predicted by the Case WIM 
system. Table 2 shows ·predicted weight histograms 
compared to data from a load survey station and a 
state loadometer report. These were not taken at 
the same time so only relative comparisons can be 
made. The loadometer report which did not involve 
enforcement showed 11% of the five axle vehicles in 
excess of the legal limit while the Case WIM showed 
15%. The load survey station which involved enforce
ment reported no overweight vehicles for the period 
observed. A field system to perform such weigh in 
motion measurements has been assembled at Case and 
delivered to FHWA in March, 1978. 

Conclusions 

Structural reliability theory has been used as 
an analysis and design aid for incorporating proba
bility and statistics in characterizing uncertain
ties in bridge load, behavior and capacity. Safety 
and performance factors can be derived to provide a 
uniform level of risk against unserviceability. 
Coupled with past experience and judgement, relia
bility methods can be used by code writers to intro
duce more rational and optimal code formats such as 
limit state design. 

A detailed presentation of the fatigue design 
load indicates that uncertainties in vehicle weights, 
volume, multiple presence, impact, girder distri
bution, fatigue life and section properties can be 
incorporated in safety factors to achieve more uni
form risk against premature fatigue cracks. An ex
tension of the load prediction model to strength de
sign presents difficulties because ultimate strength 
behavior is quite complex. A proposal is made to 
consider safety checks for strength on a service
ability basis with a system safety coefficient esta
blished to represent ultimate behavior. System co
efficients would be prepared by code researchers for 
various types of bridges to represent the reserve 
capacity existing before significant damage occur
ence. 
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Uncertainty in load data is a major limitation 
in introducing reliability-based design. A project 
is described !or undetected weighing of vehicles in 
motion by using instrumented highway bridge girders 
as load scales to predict axle and gross weights. 
Preliminary data reported shows the feasibility of 
this approach. 

Acknowledgements 

The author wishes to acknowledge contributions of 
his colleagues in carrying out various phases of this 
work and the support of sponsoring organizations. 
The development of the fatigue model and study was 
helped by R. Garson and A. Pavia in projects suppor
ted by Ohio Department of Transportation (ODOT) and 
the Federal Highway Administration (FHWA). Data for 
the fatigue study was obtained in a field measurement 
project supported by ODOT and FHWA and assisted by 
Professor George Goble. The Case Weigh-in-Motion 
study was supported by FHWA. 

The contents of this report reflect the views of 
the author, who is responsible for the facts and 
accuracy of the data presented. The contents do not 
necessarily reflect the official views or policy of 
the State or the Federal Highway Administration. 
This report does not constitute a standard, speci
fication or regulation. 

Figure 1. Fundamental reliability model - weaving of 
load and strength distributions to obtain risk (Pf). 
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Figure 2. Illustration of total cost, initial cost 
and failure cost versus risk. 

Cost $ 
Cost, CT 

Cost, 

Figure 3. 72 kip tractor trailer with average 
dimensions and load distribution. 
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Figure 4. Illustrations of bridge damage versus 
load response curves. 
(a) "Statically determinate or brittle" behavior. 
(b) Moderate reserve strength. 
(c) Large reserve strength. 
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Figure 5. Illustration of bridge damage versus load 
with damage and load frequency distributions . 
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Figure 6. Schematic layout of weigh in motion system using instrumented bridge girders. 

Table 1. Examples 
station weights. 

Axle 
Sensors 

of WIM predictions and survey 

Strain Signals 
(M* = sum of strain signals) 

Case Description WIM Prediction Survey Station 
Gross Weight Rear Tandem Gross Weight Rear Tandem 

(kips) (kips) (kips) (kips) 

1 4-axle delivery truck 40.2 16.S 40.3 15.6 
2 5-axle tractor trailer 75.S 33.S 67.7 30.4 
3 3-axle car carrier 49.1 17.2 50.3 18.2 
4 5-axle open trailer 26.7 7.8 29.5 8,9 

Table 2. Comparison of WIM predictions and survey station gross weights for tractor trailers. 

Gross Weight Cumulative Percent 

(kips) State Loadometer Survey* Nearby Survey Station** WIM Prediction*** 
(Percent) (Percent) (Percent) 

20 l 
30 B 13 20 
40 35 31 47 
so 43 48 53 
60 54 64 62 
70 70 BO 76 
80 89 100 86 

Legal Limit 
90 97 93 

100 100 98 
> 100 100 100 

*Data from variety of state roads. 
**Data taken in proximity to but not precisely correlated to WIM data. 
***132 vehicle samples. 
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OVERLOADING OF HIGHWAY BRIDGES - INITIATION OF DECK DAMAGE 

Celal N. Kostem, Lehigh University 

Various surveys have indicated that highway 
bridges are- subjected to vehicular load levels 
and combinations far in excess of those for 
which they were designed. The prediction of the 
effects of the overloading as well as the over
load permit operations do not reflect the so
phistication scientific or technical fields have 
attained. The paper presents the findings of a 
parametric investigation employing Program BOVA 
(Bridge overload Analysis), that encompasses 45 
case studies, Five different COlllllOnly encoun
tered overload vehicles and nine different 
bridge configurations are considered. The 
bridge superstructures are simple span beam-slab 
bridges with prestressed concrete I-beams and 
reinforced concrete deck, and having no skew. 
The results of the findings are presented in 
tabular form for the bridges and the overload 
vehicles. For given bridges and vehicles the 
gross vehicular weights, axle weights and 
"equi valent area loads" are defined that will 
induce cracking in the concrete that will reach 
the reinforcing bars. It has been found that if 
a small amount of damage to the bridge deck is 
permitted, the load levels which the superstruc
ture can carry are usually in excess of the com
monly reported permissible overload weights. 
Recommendations have been made for the use of 
the tabulated results in overload permit opera
tions. It has been suggested that the findings 
can be applied to overload permit operations in 
the absence of reliable methods of predicting 
the overload response of bridges. It is also 
indicated that the suggested guidelines are use
ful for infrequent traverses of vehicles until 
the completion of research programs that will 
delineate the permissible and impermissible 
overloadings that will be based on limited 
damage criteria. 

Various surveys have indicated that a substan
tial percentage of existing bridges is in some state 
of structurai distress. Furthermore, it has been 
found that a noticeable number of overload vehicles 
traverse these bridges, with or without overload 
permits (1,2), Permit operations, as well as the 
assessment of the strength of bridge superstructures 
when subjected to a given overload vehicle, still 
are not fully based on rational methods (~1 1_) . To 

the extent that the vehicular configuration differs 
from the standard design truck (5), the use of dis
tribution factors and similar design aids will lead 
to increasingly incorrect results, Any analysis 
scheme based on linear elastic behavior will also 
lead to conservative results since this approach 
will ignore the ever present material nonlinearities 
and the redistribution of stresses in the super
structure (2). Similarly, the ultimate strength 
approach will not yield much useful information, 
There may be a substantial difference between the 
collapse load level and the load level which will 
induce limited damage to the structure. 

Program BOVA 

To predict the overload response of simple span 
beam-slab bridge superstructures with reinforced or 
prestressed concrete I-beams and reinforced con
crete deck, a research program was undertaken. A 
computer based simulation techni~ue using a finite 
element method was developed which predicts the 
behavior of a given superstructure for a given ve
hicle, including the initiation and spread of dam
age, if any , damage characterist i cs, and collapse 
(2,3 ). The research has resulted in Program BOVA 
(irTdge overload Analysis) which simulates the full 
range elastic and- inelastic behavior of the super
structure (3), A comparison of the results ob
tained in field testing of bridges and prediction 
of their behavior via Program BOVA has indicated 
that the maximum discrepancy between the results is 
5%. This is far more accurate than the current 
"methods" employed in permit and rating operation:i, 

Research has indicated that superstructures 
have enough reserve strength to carry substantially 
heavy overload vehicles, if a limited amount of dam
age is permitted to the superstructure (l,2,3), 
The damage to the superstructure has invari ably 
started as flexural cracking of the deck slab. If 
the "permissible damage," e.g. crack depth, is 
related to the "serviceability limits," which may 
be imposed by transportation authorities, and if a 
minimal amount of cracking is permitted to take 
place, then it will be possible to determine ve
hicular load levels that can be realistically per
mitted to traverse the bridges infrequently. The 
basic premise in permitting a minimal amount of 
cracking is the fact that the deck slab is already 
cracking due to such factors as construction, 
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freeze-thaw, and overloading. Thus, to allow lim
ited cracking will not 111ad to an uncon r.rol lPd in
crease in vehicular weights ; on the contrary, it 
wi ll impose maximum limits which are based on sci
entific findings, 

Parametric Study 

Research has indicated that the identification 
of the common factors that can be employed in con
junc tion with the assessment of the strength of 
s uperstruc tures and over l oad permit operations r e
quires a maj or parametr ic study . Afte.r such a 
study, it wi ll be poss i ble t o simplify the permit 
operations for a maj or ity of the cases encountered 
into a " tab l e look-up, " r athe r t han execu t i ng Pro
gram BOVA for each case. A limited parametric in
vestigation to fulfill this purpose has been car
ried out. Extensive details of the findings of 
this study in the form of Overload Directories have 
been reported elsewhere (l), These Overload Direc
tories can be used for permit operations with great 
ease, even by unskilled personnel (_!:.) . Due to 
space limitations, this paper will present only the 
information dealing with the initia tion of the deck. 
slab cracking, Within the framework of this paper 
the loads that cause "deck cracking" are defined 
as the loads which will induce cracks through the 
full depth of the concrete cover of the reinforc
ing bars at the top and/or bottom of the slab. 

The parametric investigation included nine 
bridges with various span lengths designed in ac
cordance with the recent design guidelines (1,4), 
Beam spacing was taken as 2.29 m (7'-6") for-all 
bridges. The pertinent dimensions of the bridges 
can be seen in Figures 1-3. Five different over
load vehicle configurations have been considered ; 
they approximate a vast majority of the vehicles 
encountered in the traffic stream in and between 
metropolitan areas. Figures 4 through 8 show the 
plan and elevation of these vehicles, and axle 
weights. The parametric study, excluding the addi
tional pilot cases, contained 45 case studies (_!:.). 

Deck Damage 

For given bridges and vehicular configurations, 
as indicated in Figures 1-8, the gross vehicular 
weights that result in the cracking of the deck 
are seen in Table 1. It should be noted that gross 
weights are not the same as those indicated in the 
figures. For example, Vehicle 2 has a gross weight 
of 427 kN (96 kips). If this vehicle is on Bridge 
1 or 4 the tabulated weights are 476 kN (107 kips) 
and 325 kN (73 kips) respectively. Therefore, it 
can be concluded that if this vehicle traverses the 
bridges, Bridge No, l will not sustain significant 
damage, whereas Bridge No. 4 will have excessive 
deck cracking. Since the threshold limit is 325 kN 
(73 kips), it is expected that substantial damage 
to the deck may take place. In order to cause 
"deck cracking" in Bridge No. l the axle weight of 
the vehicle can be increased up to 159 kN (36 kips), 
which is in excess of the original vehicle, which 
has an axle weight of 142 kN (32 kips). 

Inspection of Table l indicates that it is 
hard to draw any conclusions by studying the gross 
vehicular weight, which varies from 325 kN (73 kips) 
to 587 kN (132 kips). Table l also contains the 
axle weights for the case studies presented herein. 
There still exists a wide variation among the axle 
weights that induce deck cracking, with the spread 
from 88 kN (20 kips) to 185 kN (42 kips}, It can be 

concluded that overload permit operations and the 
anusmenr. nf the stren&th of the superstructures 
should not be solely related to the axle weights, 
In Table 2 average axle loads for different bridge 
span lengths have been presented. Even though 
there is a large standard deviation, the average 
axle weights are in the vicinity of 125 kN (28 
kips). Therefore, for the lack of any other infor
mation, the maximum axle weights should not exceed 
this value, if only a limited amount of cracking i~ 

to be permitted. 
Another guideline in the determination of the 

vehicular loading is the use of equivalent area 
load. The equivalent area is defined as that en
veloping the extremities of tire prints, It should, 
however, be noted that the accuracy of this ap
proach depends on the use of multiple axles and 
multiple wheels per axle. The equivalent pressure 
is obtained by dividing the gross vehicular weight 
by the equivalent area. In Table l the pressure 
varies from 30 kPa (l,44 ksf) to 70 kPa (3.35 ksf). 
Again, inspection of Table 2 indicates that, as it 
is for the average axle weights, the average equi
valent pressure is relatively constant with a small 
standard error in the mean, but with a large stan
dard deviation. Consequently, due to the absence 
of more reliable guidelines, it is recommended 
that for limited cracking in the deck slab the 
equivalent area load should not exceed 47 kPa (2,25 
ksf). The above guidelines are rather crude bench
marks. A more accurate prediction of the vehicular 
weights, permitting limited deck cracking, can be 
obtained on a case by case basis by using Table 1. 
One of the bridges, pr11s11nted herein, that is 
similar to the actual bridge, and one of the ve
hicles, presented herein, that is s imilar to the 
actual vehicle can be used to enter Table 1. De
pending upon the listed weight versus actual weight, 
a deci s ion can be reached for th11 issuance of the 
overload permit. It is possible to interpolate 
between different bridges and vehicles included in 
the paper; however, this leads to a gradual loss 
of accuracy of the prediction of the threshold 
value. Detailed application of Overload Direc
tories to permit operations is presented in Refer
ence l. For permit and rating operations the use 
of this reference is strongly recommended. 

Additional research is currently underway 
("Implementation of Program BOVA"). At the com
pletion of this research more information in the 
form of Overload Directories will be available, 
which will also include information on the over
loading of deteriorated bridge decks. 

Conclusions 

Rating and permit operations for highway 
bridges (l) should not be based on "reverse design" 
process and (2) prt!ft!ra\Jly shuuld not be based on 
an elastic analysis. These will lead to either 
erroneous or conservative results, In the over
loading of bridges, the damage initiates through 
the flexural cracking of the deck slab, If a lim
ited amount of cracking of the slab concrete is 
permitted, there may be substantial increases in 
the permissible gross weight of overload vehicles, 
provided that they will traverse the bridge infre
quently and that they have a large number of axles 
and wheels per axle. If these conditions are met, 
the axle weights (r25 kN; 28 kips) or equivalent 
pressure (47 kPa; 2.25 ksf) can be used for rough 
estimation of the permissible vehicular weights, 
Through the use of the table provided, it is pos
sible to predict with greater accuracy the effects 
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of overload vehicles on the deck. 
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Table 1. Vehicular load levels causing deck cracking 

Vehicle 
No. 

l 
l 
l 
l 
l 
l 
1 
1 
l 
2 
2 
2 
2 
2 
2 
2 
2 
2 
3 
3 
3 
3 
3 
3 
3 
3 

Bridge 
No. 

l 
2 
3 
4 
5 
6 
7 
8 
9 
l 
2 
3 
4 
5 
6 
7 
8 
9 
l 
2 
3 
4 
5 
6 
7 
8 

Gross 
Weight 

(kN) 

538 
574 
587 
405 
445 
552 
405 
445 
552 
476 
471 
396 
325 
342 
356 
325 
342 
356 
507 
485 
414 
351 
365 
369 
351 
369 

Axle 
Weight 

(kN) 

119 
128 
130 

90 
99 

123 
90 
99 

123 
159 
157 
132 
108 
114 
119 
108 
114 
119 
127 
121 
104 
88 
91 
92 
88 
92 

Equiv. 
Pressure 

(kPa) 

64 
69 
70 
48 
53 
66 
48 
53 
66 
68 
68 
57 
47 
49 
51 
47 
49 
51 
52 
50 
42 
36 
37 
38 
36 
38 
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3 9 369 92 38 
4 1 512 171 55 
4 2 556 185 60 
4 3 454 151 49 
4 4 516 172 55 
4 5 494 165 53 
4 6 467 156 50 
4 7 512 171 55 
4 8 489 163 53 
4 9 498 166 54 
5 l 534 134 34 
5 2 543 136 35 
5 3 471 118 30 
5 4 552 138 35 
5 5 534 134 34 
5 6 525 131 34 
5 7 547 137 35 
5 8 520 130 33 
5 9 480 120 31 

Table 2. Statistical averaging of load levels 
causing deck cracking. 

Span Leng th (m) 30.5 21.35 12 .2 

Average Axle Weight (kN) 126.7 128.5 125 
St. Deviation (kN) 31.3 28.7 21 
St. Error in the 8 7 5.4 

Mean (kN) 

Average Eqv. Pressure (kPa) 47.7 48.9 48.5 
St. Deviation (kPa) 10. 5 11.6 12.8 
St, Error in the 2.8 3 

Mean (kPa) 

Figure l. Plan and cross-section of Bridges l, 2 
and 3 (subscripts indicate bridge numbers; l in. 
25.4 mm, l ft. "0.305 m) 
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Figure 2. Plan and cross-section of Bridges 4, 5 
and 6 (subscripts indicate bridge numbers; 1 in. • 
lS.4 mm, l ft, • 0.305 m) 
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Figure 3. Plan and cross section of Bridges 7, 8 
and 9 (subscripts indicate bridge numbers; 1 in. = 
25,4 mm, 1 ft. = 0.305 m) 
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Figure 4. Overload Vehicle No. l ( 1 k = 0.225 kN, 
l in. = 25.4 mm, l ft. • 0.305 m) 
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Figure 5. Overload Vehicle No. 2 (1 k = 0.225 kN, 
1 in. = 25.4 mm, 1 ft. • 0.305 m) 
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Figure 6, Overload Vehicle No. 3 (1 k = 0.225 kN, 
l in. = 25.4 mm, l ft. • 0.305 m) 
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FiguTe 7. OveTload Vehicle No. 4 (1 k = 0.225 kN, 
l in. • 25.4 mm, 1 ft. • 0.305 m) 
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FiguTe 8. Overload Vehicle No. 5 (1 k = 0.225 kN, 
1 in. " 25.4 mm, 1 ft ... 0.305 m) 
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METHOD OF ASSESSING HIGHWAY BRIDGES FOR SUPERLOADS 

Michael A.G. Duncan and Stuart G. Davis, National Institute for Transport 
and Road Research, Republic of South Africa. 

Technological progress has made it economically 
beneficial to use larger and heavier industrial 
components termed "Superloads". These generally 
involve equipment for electric power and very 
heavy chemical plants located on coal fields. 
Because of the absence of inland waterways and 
the limited capacity of railways in Southern 
Africa, these loads must travel along the highway 
network. A current project involves the movement 
of payloads of up to 400,000 kg (440 tons) over 
some 500 km (310 miles) of road. In this instance 
a total of 60 under-bridges of various sizes must 
be crossed. In order to meet pavement loading 
restrictions, the transporters carrying these 
loads may have as many as 288 wheels distributed 
on 5 m (16 ft) wide axles. The four haulers used 
to draw these vehicles may give total combination 
masses of up to 800,000 kg (880 tons) and overall 
lengths of about 120 m (385 ft). Accurate analy
tical techniques are required to optimize the 
effects of these load trains on bridges so that 
every reserve of strength may be utilised. The 
multiplicity of structural configurations, con
struction materials, and original design specifi
cations requires that each structure be assessed 
individually. Moreover, the variety of vehicle 
combinations is practically endless. For these 
reasons the method adopted to make such assess
ments relies on a load independent computerized 
influence surf ace technique involving stresses at 
critical points. A research program to develop a 
system termed "Generate-Simulate-Comoare" (GSC) is 
now well advanced and initial analytical results 
show good correlation with parallel studies on 
monitoring techniques in the field. The paper 
daacribeo tho package of analytical programo and 
field observation methods. 

In many parts of the world modern technology is 
making increasing demands for the use of larger and 
heavier industrial components. These generally com
prise equipment for electric power stations and 
chemical plants and their movement presents transport 
operators and public authorities with tremendous 
problems. Although demand for these components is 
economically justified because the savings over a 
quarter of a century are vast, the associated reper
cussions and hidden costs of moving these loads are 
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so extensive that the wisdom of permitting them to 
increase indefinitely is questionable. 

Whereas many countries possess inland waterways, 
the absence of these in southern Africa, coupled 
with a limited railroad carrying capacity, requires 
that they move along highways. Such loads are there
fore of paramount interest to highway officials re
sponsible for preserving the road network and mini
mizing traffic congestion. 

Superload movements are limited by the height and 
width of the loads as well as by the forces they exert 
on pavements and bridges. In order to satisfy pave
ment loading regulations they are often supported on 
hundreds of wheels and are therefore very long and 
wide. 

Although new bridges in South Africa will be de
signed to carry Superload transporters with a gross 
mass of 610,000 kg (670 tons), it is possible that 
many existing structures could support or be streng
thened to carry these or lesser loads. As a result, 
the safety and stability of components in highway 
structures, such as bridge decks, must be carefully 
investigated. 

National Policy 

The Committee of State Road Authorities is re
sponsible for general policy on Abnormal Loads and 
Superloads in South Africa. Its responsibilities 
include: 
(a) preparation of regulations governing load 

movements 
(b) selection of special routes 
(c) preparation of design standards for highway 

.!ltructure.!I. 

Load categories 

The four load categories shown in Table 1 have 
been tentatively adopted for the purpose of issuing 
permits and checking highway structures (!)· 

Abnormal loads. Since this category is intended 
to provide blanket coverage for all structures, in
cluding the weakest, with minimum structural inves
tigation, the allowable loads are of necessity con
servative. It applies to two boqie transporters drawn 
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Figure 1 . Class B Superload of 495,000 kg (544 tons) gross mass comprising 
two Nicolas hydraulic suspension trailers and four haulers. 

by one hauler. The permissible load is also governed 
by the width and inter-axle distance of two-, three
and four-axle bogies. Restrictions are also placed 
on the minimum distances between hauler and leading 
bogie and the centers of bogies. The allowable loads 
have been approximated by comparing bending moments 
and shear forces produced by 80 per cent of British 
Standard 153 HA loading (~) and axle group loadings 
on both simple and continuous decks. Overstress 
amounting to 25 per cent is permitted. The 125,000 
kg (14 0 tons) gross load limitation may be revised 
upwards once the computerized system described in 
this paper becomes fully operational. 

Broadly speaking, vehicles in this category may 
travel anywhere on bridges unless the payload 
exceeds 100,000 kg (110 tons). 

Table 1. Load classification. 

GROSS VEHICLE TRANSPORTER ANO 
CATEGORY COMBINATION HASS PAYLOAD MASS 

kg• kq• 

Abnormal loads above legal but less than 100,000 
less than 125 , 000 

Class A Superloads 126, 000 - 250,000 101,000 - 200, 000 

Class 8 Super loads 251,000 - 800, 000 201,000 - 610,000 

Class C Super.loads over 800,000 ---
.,l,000 kg • 1.102 tons 

Class A Superloads . Permits for this category 
are issued after all structures on the proposed route 
have been individually checked. Transporters are 
generally escorted and restrictions are placed on the 
speed at which they traverse bridges as well as their 
location on the structure. Although structural in
vestigations have hitherto relied on approximate 
analytical techniques (3,4), it is generally accepted 
that the system given below will find its greatest 
application to this load category. 

Class B Superloads . This category is exemplified 
by the Nicolas trailer shown in Figure 1. Each of 
the two bogies of the transporter has a mass of 
55,000 kg (60 tons) which bears on twelve 12-wheel 
axles. The 4.34 m (14 ft) wide transporter is drawn 
by four 40,000 kg (44 tons) haulers. With the 
225,000 kg (248 tons) self-supporting payload the 
combined mass is 495,000 kg (544 tons). The overall 
length of the 36-axle load train is approximately 
117 m (375 ft). 

Such vehicles may only travel after each struc
ture to be crossed has been rigorously analysed and 
thoroughly inspected. Structures are temporarily 
closed to other traffic and speeds reduced below 
10 lcm per hour (6 mph). No braking or acceleration 
is permitted whilst the vehicle is on the structure 
and crossings may only occur in the presence of a 
professional engineer. Structural deflections are 
frequently monitored before, during and after the 
passage of these loads. 

Precise knowledge of the masses, geometrics and 
position on the structure enable reductions in load 
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factors to be made; these may be further reduced de
pending on the accuracy of the analysis. Typical 
load factors are given later in this paper. In ex
treme cases the haulers may be disconnected and the 
transporter winched across the structure. 

Class c Superloada. It is anticipated that these 
will only be required to move short distances along 
coastal roads. 

Routes 

The majority of Superloads originate from ocean 
terminals and travel to destinations located within 
industrial complexes or mining areas near the in
terior of the subcontinent. Less frequent movements 
also originate from inland complexes. 

Routes connecting major cities are usually dic
tated by factors such as load width and height, high
way geometrics, pavement strength and the carrying 
capacity of bridges. Whilst each province within the 
Republic is responsible for the selection of routes 
within its area of jurisdiction, it is necessary that 
these routes connect with neighbouring provinces. 
With this in mind, the tentative route map shown in 
Figure 2 has been prepared. Structures along these 
routes will be strengthened, where necessary, to 
support Class A superloads. In some instances they 

will also be capable of carrying Class B Superloads. 
Many of these routes are intended for use in the 
future and the requirements in terms of numbers and 
frequency of Superload movements along them is not 
known at present. 

An example of a designated Class B Superload 
route in operation is that between Richards Bay 
Harbour, on the Natal coast, and Trichardt in the 
important industrial and coal mining area of the 
Eastern Transvaal. This route is approximately 500 
km (310 miles) in length and includes around 60 
under-bridges. It has been carrying loads in excess 
of 250,000 kg (275 tons) gross since September 1977 
and is expected to do so for some years to come. 
over the next two years alone, a total of 700 loads 
in the category of Abnormal Loads and Class A and B 
Superloads is scheduled to be moved along this route. 
Of these, approximately 100 will exceed 250,000 kg 
(275 tons) gross, and 12 will be heavier than 
600,000 kg (660 tons) gross. 

Design loads 

Specifications are at present being prepared for 
the design of future bridges in South Africa. 
Figure 3 shows two proposed classes of design loading: 
type NB and type NC. 

Fiqure 2. Provisional Superload routes in the Republic 01 south Africa, 
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Figure 3. Design loads for structures on 
Superload routes. 
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Type NB loading. This comprises an abnormal 
vehicle with a heavy load concentration on two bogies 
each having two 4·-wheeled axles. Al though this does 
not represent a realistic vehicle it is intended to 
ensure the adequate design of structures against pos
sible rogue overloads of up to 150, 000 kg (165 tons) 
gross. In order to provide for continuous spans the 
distance between the innermost axles varies from 6 to 
25 m (19 to 82 ft). 

Type NC load i ng. This is a special vehicle 
loading representative of multi-wheeled transporters 
with controlled hydraulic suspension and steering or 
self-propelled multi-wheeled vehicles with a gross 
mass of 610,000 kg (670 tons). Depending on whether 
or not the load is self-supporting, these vehicles 
can carry payloads of between 320,000 and 400,000 kg 
(350 and 440 tons) . It is based on a wheel con
figuration typical of existing Class B Superloads. 
Although the haulers, which may each have a mass of 
45,000 kg (50 tons), have been omitted for simplicity, 
these should be included where the load effects on a 
structure become critical. It is intended that all 
bridges on Class B superload routes will be capable 
of supporting this load whilst closed to other 
traffic. 

Safety factors for Superload analysis 

The calculations involved in checking the capacity 
of bridge decks to carry Superloads are based on limit 
state theories. At present, the values ascribed to 
the various partial safety factors are similar, with 
certain modifications, to those proposed in the draft 
British limit state code for bridges, B/116 (5) . 
Equivalent South African codes are being prepared, 
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and research is being directed towards deriving the 
values for the partial safety factors most suited to 
local conditions. 

From the point of view of the safety factors em
ployed, the major difference between designing a 
bridge deck for everyday traffic loading and checking 
for a Superload is that the loading imposed by a 
Superload is known with a much higher reliability 
than in the case of normal traffic. A major advan
tage of the limit state philosophy is that it allows 
the adjustment of the values of individual partial 
safety factors to provide for such differing situa
tions. 

In the case of one important Superload route, in 
use at present, the Road Authorities concerned have 
agreed upon a system of partial safety factors for 
checking purposes, in which a value of 1.10 has been 
ascribed to the factor Yfl* for the ultimate limit 
state. The value of the factor Yf2* has been set at 
1.00 since no other vehicles are allowed on a bridge 
during the crossing of a superload. The values as
cribed to the factor YfJ* vary between 1.10 and 1 . 20, 
dependi ng on the me t hod of analysis employed. 

I mplicit in the above system is the assumption 
that the actual mass of each Superload is checked be
fore departure (by means of individual axle "weigh
bridges") to ensure that both overall mass and indi
vidual axle masses do not exceed certain predetermined 
limits. 

Capacity of exi s ti ng br idge s 

The load capacity of bridges reflects the traffic 
of their time. Whereas the oldest local bridges were 
designed to support a laden wagen and 16 oxen, some 
future structures will be designed to carry 
800,000 kg (880 t ons) gross. 

Evolutionary changes in design loads as well as 
increases in permissible working stresses prevent 
generalized attempts to assess the effects of Super
loads on highway structures. The situation is aggra
vated by past use of inconsistent design standards 
within the subcontinent (7). 

An earlier study (8) ~ggested that typical two
lane rural road bridges designed for BS 153 HA loading 
(2) could support Nicolas type transporters with a 
g;oss vehicle combination mass of 430,000 kg (475 
tons ) providing some overstress was allowed. However, 
it was evident that problems would be encountered 
with the 610,000 kg (670 tons) transporter on spans 
exceeding 15 m (48 ft) . Although the situation im
proves as the number of lanes increases, the capacity 
of a bridge inevitably depends on its ability to dis
tribute loads laterally. 

Unfortunately, before the introduction of rational 
analytical techniques (9,10) in the late 30's, short 
and medium span bridge decks were .designed as a 
series of independent components supporting a portion 
of the imposed lane load . The nominal cross beams 
that were provided frequently have inherent strength 
deficiencies which now render many older structures 
i nadequate because of poor transverse stiffness. 

*In the limit state nomenclature (~) : 
Yfl is a factor to allow for possible unusual 
increases in load. 
Yf2 is a factor to allow for the reduced probability 
of load combinations. 
Yf3 is a factor to allow for inaccurate assessment 
of load effects. 
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Assessment factors 

A number of factors are involved in the assess
ment of the load capacity of a bridge. 

Structural and materials variations 

Forms of construction commonly encountered in 
Southern Africa include simply supported, continuous, 
and articulated spans as well as frames and filled 
spandrel arches. About 250 box girders are located 
on primary routes, a figure which is increasing an
nually by 8.0 per cent. Trusses and cable systems 
are rare. 

Decking arrangements include solid slabs, voided 
slabs, and beam and slab systems. Orthotropic steel 
plates and battle decks seldom occur. 

Whereas steel and timber are scarcely used, re
inforced concrete, prestressed concrete and steel
concrete composite construction appear regularly. 

Such a multiplicity of configurations and ma
terials frustrate generalized methods of assessing 
the Superload capacity of bridges. Assessment tech
niques have to compromise between precise analyses 
of the majority of structural types, with a view to 
reducing the margin of safety, and approximate 
methods, entailing more conservative safety margins. 
The latter will temporarily suffice for the minority 
of bridges, such as frames and arches. 

Load configuration 

The practically endless number of combinations of 
axle loads and spacings encountered in Class A Super
load vehicles again thwarts attempts to generaliz.e. 

Lateral distribution 

The ability of a bridge deck to distribute loads 
across its widthdepends on the relati ve flexural and 
torsional stiffnesses in the longitudinal and trans
verse directions. The load position is also impor
tant and optimum distribution generally occurs when 
the load is symmetrical about the longitudinal 
center-line. However, as transverse systems are 
n<.!vllr infiniti;>ly 5t-iff, lnngit.11clin;1l mAmhAr~ loc11ted 
directly beneath the vehicle carry a greater propor
tion of the load than edge members. In this context, 
local bridge engineers follow European practice and 
analyse decks as integral units in preference to 
North American practice where distribution factors 
are used (11 ) • 

Assessment technique 

The primary reason for analysing an existing 
structure under passage of a live load is to predict 
the maximum forces in its component parts and ascer
tain if such movement will be safe. Investigations of 
serviceability, fatigue life and deflections may be 
equally important. It is usual, but not necessarily 
reliable, to assume that the capacity of structural 
components reflects the information shown on comple
tion drawings and contained in the original specifica
tion. 

The assessment technique should enable highway 
authorities to process permit application rapidly. Be
sides being accurate, to allow use of reduced load 
factors, it should also be simple, economical, and 
<;nffir.iently flexible to handle any practical load 
configuration. Some compromise is necessary to meet 
these differing requirements. 

As it would be impractical to assess every bridg 
element, investigations are restricted to critical e 
sec tions where the combined dead~ and live- l oad force 
tend to maximize. The strength over the remainder ofs 
the member should be consistent with that at the cri
tical section. Theoretical strengths at critical sec
tions are reduced proportionally where weaknesses are 
detected. The more important critical forces encoun
tered in common structures are listed in Table 2(9). 

Engineers recognise that bridges may be analysed 
by any of the following methods: plastic, nonlinear 
elastic and elastic. 

Plastic analysis 

Collapse methods based on Johansen's yield line 
theory depend on the load configuration, its positi on 
on the structure and the arrangement of reinforcement . 
Although computer programs have been developed to de
termine which of several possible collapse patterns is 
the most critical, this method is not ideally suited 
to routine assessments since a complete analysis must 
be performed for each load position. 

Nonlinear elastic analysis 

Although the true behavior of most bridge materials is 
nonlinear, an elasto-plastic method is not favored be
cause of the lengthy analytical process. The tech
nique is relatively new and a computer is essential. 
The load is applied incrementally beginning at the 

Table 2. Critical forces associated with various 
materials and forms of bridge construction. 

CONSTRUCTION COMPONENT KATERIAL CRITICAL FORCES 

Multiple beam Main beam9 All Midspan ~ndinq, 
and slab support shear, 

reactions 

Reinforced Steel-concrete 
concrete bond 

Prestres- Principal 
sed stresses 
concrete 

steel Bearing 
stiffeners 

Composite Interface shear 

Cross beams All Bending and 
possibly shear 

Deck slabs All Bending, shear, 
and punching shear 

Bearings All Crushing and lonqi-
tudinal forces 

Slab decks Slab All Midspan bendinq as 
well as compound 
moments in skew 
decks 

Bearings Uplift at corner9 
of skew decks 

Continuous Main beams All Bes ides those 
l i sted above , hoq-
qing moments in 
spans straddled by 
bogies 

Bearin9s All Uplift at 
discontinuous end1 



fully elastic condition. At each stage the tangent 
modulus is used to describe the behavior of individual 
elements.· However, because this is only an approxima
tion, the system must be equilibriated by a series of 
iterations each of which involves a complete elastic 
analysis. Despite the development of techniques for 
increasing the rate of convergence, the method remains 
excessively expensive for routine assessments. 

Elastic analysis 

Elastic methods may be efficiently employed to ob
tain information under service conditions. Stresses, 
cracking, deflections and fatigue life may be readily 
investigated and the capacity of a structure deter
mined using established margins of strength. Since 
the law of superposition applies, influence coeffi
cients may be employed with considerable advantage for 
routine assessments. 

Influence coefficients 

Influence coefficients describe the variation of 
structural actions, such as moment, shear, reaction, 
and deflection, at a particular point for unit load 
applied anywhere on a structure. 

Influence lines 

Coefficients are grouped together as influence 
lines in the case of one- or two-dimensional struc
tures, such as beams or frames. Although engineers 
have long used these lines to investigate the behavior 
of bridges, they are unsuitable for accurate assess
ments because of assumptions regarding transverse 
distribution. 

Influence surfaces 

Influence surf aces relate to coefficients exten
ding in two directions across an area, such as a flat 
plate or bridge deck. They may take the form of 
either contour diagrams or digital models. Whereas 
the former are suitable for manual usage, the latter 
are almost mandatory for computerized load simulations . 
They are able to handle endless variations in wheel 
load, inter-axle distance, transverse wheel spacing 
and vehicle path. 

Mesh size 

The selection of mesh* size and mesh points is im
portant and a network comprising continuous straight 
lines with a variable inter-nodal distance is ideal. 
Nodes located on primary members are supplemented by 
intermediate points which are closely spaced in the 
vicinity of the critical point or center-of-interest 
but more widely spaced at locations remote from it. 
Although the original intention was to develop pro
grams for generating influence surfaces for points 
located within the central loading strip, this has 
been rejected in favor of a more general approach 
which permits the evaluation of coefficients for cen
ters-of-interest anywhere on the deck. Besides al
lowing for skew tracking the resulting programs 
provide a useful design aid. 

* A grid or network of application points 
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The GSC system 

Since 1945 the number and frequency of requests 
for superload permits has increased steadily. Time 
limitations have forced engineers to use various 
shortcuts and approximations. Unfortunately, these 
methods are no longer satisfactory since, in the case 
of Class B Superloads, large numbers of axles are in
volved and more precise analyses are required to jus
tify the use of higher working stresses. It is there
fore necessary to adopt a method that will be consis
tent, accurate and rapid. 

The computerized approach described below fulfils 
these requirements. It involves three basic steps: 
"Generate", "Simulate", and "Compare" (GSC). An in
termediate "Synthesizer" is required between the last 
two where compound stresses are involved. The system 
was originally conceived by the Ministry of Roads and 
Road Traffic, Rhodesia, for investigating Class A 
Superloads. It is currently being improved and 
extended for general use in South Africa. 

Generate 

Initially, the characteristics of a given struc
ture or series of identical structures are established 
by means of influence surfaces for moments, shears, 
reactions, and deflections at preselected critical 
points. Whereas influence lines will be temporarily 
used for arches, frames and related structures, in
fluence surfaces will be used for slab and multibeam 
bridges. These data are generated by a suite of com
puter programs. It is also necessary at this stage 
to determine the dead-1-oad forces, thermal effects, 
member strengths, load factors and permissible working 
stresses. This information need only be evaluated 
once for permanent storage within a computer 
installation. 

It is anticipated that this aspect will be under
taken by consultants appointed by the provincial 
authorities and that the results will be stored in 
computers owned by the provinces for the subsequent 
processing of loads, using the programs described 
below. 

Simulate 

Movements of load trains are simulated to evaluate 
critical forces. Such simulations are ideally suited 
to digital computers. 

Load train descriptions involve wheel loads, longi
tudinal axle spacing, and inter-wheel distances as 
well as the location of the travel path on a given 
structure. The simulation program seeks the worst sum 
of the products of wheel loads and coefficients at 
their point of application. A second order interpola
tion formula is used to evaluate coefficients at 
points located between influence surface or influence 
line nodes. 

Optimization efficiency is frustrated by varia
tions in the shapes of influence surfaces or lines as 
well as by the relative location and magnitude of 
wheel loads. In order to overcome this difficulty, 
the load train is advanced across the structure in 
suitably small increments. Studies have shown that 
the error involved in using point loads rather than 
patch (tire contact areas) loads is insignificant 
where large numbers of wheels are involved. 

Compare 

Following simulation, the dead-, thermal-, and 
live-load forces are multiplied by their respective 
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load factors and the resulting stresses at critical 
points combined and compared with the allowable stres
~P~, Comparisons with the ultimate moment are aloe 
used. The computer prints out a message stating whe
ther the proposed movement is SAFE or UNSAFE along with 
the stress data upon which this conclusion is based, 

Synthesize 

In some instances, such as prestressed construction 
and slab decks, principal stresses and compound moments 
are required. When this is necessary the computer will 
complete the simulation process for each force involved 
and store the results for successive load positions. 
It will then return to combine these forces, and if 
necessary, determine their direction prior to evalua
ting stresses and establishing the optimum value. 

Computer programs 

Programs are being developed on an in-house CDC 
Cyber 174. They are written in standard FORTRAN and 
will eventually be tested on several leading computers. 

The "simulate" programs have been completed. The 
"generate" programs listed below will produce in
fluence surfaces for right angled and skew decks that 
may be either simply supported or continuous. Types 
of construction will include beam and slab, solid slab 
and some voided slabs. An influence line program 
capable of handling 11 spans of variable section has 
also been prepared. 

1. Grillage beam elements for beam and slab decks. 
2. variable meeh finite differences for either 

isotropic slabs or "substitute" orthotropic slabs. 
3. Quadrilateral plate, membrane and beam 

elements for beam and slab decks. 
4. Hybrid stress plate, membrane and beam 

elements for beam and slab decks. 
5. Hybrid stress plate elements for either iso

tropic slabs or "substitute" orthotropic slabs. 

The apparent duplication is deliberate and is in
tended to enable users to verify results using another 
method prior to placing them in permanent storage. The 
quadrilateral plate in the third program uses a pre -
viously developed SAP element (!l) which, althouqh 
generally satisfactory, yields neither shear forces in 
the plates nor an influence coefficient at the center
of-interest should this lie within the plate. This 
version will therefore be superseded by the hybrid 
stress plate and membrane elements (13) mentioned in 
the fourth program. However, the matrix solution sub
routine, USOL (12), has been retained in all the finite 
element program;:- Eventually the finite element pro
grams will be extended to evaluate thermal effects. 

The time required to generate influence surf aces 
has been greatly reduced through use of the Muller
Breslau principle reported by Ne'Ntllark (14). Descrip
tions of this technique and the method of handling non
prismatic sections have been given elsewhere (15,16). 
Runnin1 times are very short. For example, it-;;-oSt 
about $6.00 to generate five deflection influence sur
faces for a simply supported span with eight main beams 
which reduced to 99 nodes having 114 beam elements and 
80 plate elements. The simulation of a 21-axle Class 
A Superload across these five surfaces cost only 55 
cents on the CDC Cyber 174. 

Inspection and monitoring of bridges 

Inspection prior to load movements 

Before a route can be designated as suitable for 

superloads, each structure on it is subjected to a de
tailed visual inspection. Any factor which may affect 
tht! sLLuc..:LuLal f'erforme.nce of a bridge ls nultou, par
ticular attention being paid to such aspects as de
terioration of concrete, rusting of reinforcement, 
cracking of concrete in both super- and sub-structures 
and settlement or deterioration of bearings. 

Evidently, such inspections must go hand in hand 
with the structural analysis carried out for each 
bridge to assess its ability to carry the required 
loads, and it is vital that the present condition of 
the structure is reflected in the data used in the 
analysis. For example, if extensive cracking is ob
served in a reinforced concrete cross-beam, the trans
verse stiffness of the deck will be adversely affected, 
and the analysis must be adjusted accordingly. Again, 
especially with multi-span, continuous structures, the 
effect of any settlement of the bearings must be taken 
into account. 

This stage of inspection and structural checking 
is carried out some months before a route is scheduled 
to carry Superloads, in order to allow time for any 
remedial or strengthening work which may be necessary. 

Strengthening methods are dictated by the struc
tural configuration, material, location and ground
soffit clearance. Methods used in South Africa have 
included the reinforcement of longitudinal members by 
coverplating or prestress, increasing the prestress of 
transverse members and propping from the ground. This 
last method is generally considered undesirable. 
Other methods which have received consideration in
clude the insertion of additional longitudinal or 
transverse beams, the provision of outrider beams or 
trusses, and the use of towers and stayed cables. 

Inspection and monitoring during load movements 

The frequency of inspection of the structures on a 
Superload route over the period of use of the route is 
greater than that applicable to bridges which have 
only to carry normal traffic. In addition, the per
formance of selected bridges during the passage of 
certain loads is monitored in some detail. Such moni
toring is conducted for two reasons. Firstly, the 
performance of suspect bridges on a route is observed, 
in order to obtain advance warning of any deteriora
tion or damage caused by the loads, and to generally 
confirm ;my F1««11mptinn5 whirh mi'ly hiWP. been made in 
the structural checks. Observations consist primarily 
of recording maximum vertical deflections in decks, 
and monitoring the width of cracks in concrete members, 
together with the development of cracks under load. 

Secondly, the National Institute for Transport and 
Road Research is making use of Superload movements 
over bridges to further its research in the field of 
bridge deck analysis. A number of structurally sound 
bridges have been selected for observation along the 
superloads route from Richards Bay to Trichardt*. The 
observations are at present restricted to monitorinq 
the vertical deflection of the decks, at a number of 
positions, during the passage of a load. The results 
will be of use in checking deck analysis programs cur
rently being developed and generally in establishing 
criteria regarding the behavior of such structures 
under loads of this magnitude. 

An apparatus has been developed specifically for 
these observations which produces a continuous trace 
~f the deflection at any number of chosen points on 

*The following consulting engineers have been appoin
ted to check the safety of structures along this 
route: 

Drennan, Maud and Partners; D.L. Webb and Associates; 
van Niekerk, Kleyn and Edwards. 
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Figure 4. Deflection trace from Bridge 2783. 
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the soffit of the deck, as the load crosses the bridge 
(17). The deflection is measured by recording the 
m;;vement of a weight suspended, at ground level, by a 
wire attached to the deck at the required point. The 
weight forms part of a mechanism, termed a deflecto
meter, in which its vertical movement is detected by an 
LVDT and recorded on a UV recorder. The number of LVDT 
channels, and hence measurement points, is at present 
limited to ten. A switch sensor, placed on the deck 
surface near mid-span, registers a mark on the UV re
corder trace as each axle in the load train passes 
over it. 

Despite, or perhaps because of, its simplicity, 
this system has performed well in the field, producing 
accurate traces of deflection at relatively low capital 
and running cost. Traces obtained during tests conduc
ted on two bridges are shown in Figures 4 and 5. Figure 
4 shows the mid-span deflection (at the bridge cente~
line) of a prestressed concrete deck of 21 m (67 ft) 
span. The total mass of the payload and transporter 
(excluding haulers) was 174,000 kg (192 tons). In the 
test shown in Figure 5 the deflection was monitored at 
five points on the deck. The bridge consisted of a 
prestressed concrete deck, of 31 m (100 ft) span, and 
the total mass of the payload and transporter (exclu
ding haulers) was 190,000 kg (210 tons). 

So far, the level of agreement between the observed 

Fiqure 5. Deflection trace from Bridge 1168. 
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deflections and those predicted by the analysis pro
grams being developed has been encouraging. It is 
considered that, in the future, monitoring the perfor
mance of bridge decks by such methods will play an im
portant part in the assessment of these structures for 
carrying Superloads. 

Summary 

Following recognition of the fact that the move
ment of essential Superloads is necessary for the in
dustrial development of South Africa, national policy 
has been directed towards the development of systems 
and techniques required to assess the effects of these 
loads. 

This policy includes the coordination of inter
provincial routes, the development of design load 
specifications for future bridges, load classification, 
analytical techniques, and methods of inspecting struc
tures and monitoring their behavior during the passage 
of Superloads. 

Attempts to produce generalized methods of asses
sing the strength of various bridges are frustrated 
by the multiplicity of materials, decking systems, and 
architectural styles as well as a variety of axle and 
wheel load configurations. 
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Since sti-uctures cannot be completely analysed for 
every heavy vehicle movement, critical points are se
lected where forces tend to maximize. The computer
ized GSC syst:em, which assumes elasti c behavior, is 
being extended to process the large number of Super
load movements rapidly, consistently and accurately . 

Bridge characteristics, in the form of i nfl uence 
coefficients, sectional properties, load factors, and 
permissible working stresses, are evaluated once and 
permanently stored within a computer system. Subse
quent load simulations and stress comparisons may 
then be undertaken quickly and at short notice. This 
system should enable 80 per cent of the structures 
located on primary rural routes to be readily 
investigated. 

Importance is attached to the inspection of struc
tures before, during and after the movement of the 
heavier Superloads. This aspect includes the prepa
ration of an inspection manual and the development of 
simple equipment for monitoring the deflections of 
structures during transient loads. Observed deflec
tions are used to check analytical assumptions and 
verify the GSC system. The results to date show 
satisfactory agreement. 
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EVALUATION AND POSTING OF BRIDGES IN ONTARIO 

A.C. Agarwal and P.F. Csagoly, Ontario Ministry of Transportation and Communications 

The present system of posting substandard 
bridges in Ontario with a single load limit 
serves only as a vague warning to a driver that 
the bridge is somewhat deficient. Truck drivers 
generally disregard the posting sign, because 
they know they can carry heavier loads across 
without causing any apparent damage to the 
bridge. The quantitative definition of the 
posted value is based upon a design load 
reflecting vehicles in common use three decades 
ago, and herein lies the problem. Diverse 
modern traffic cannot be effectively represent
ed by any single value posting which is gen
erally too restrictive on short span bridges, 
especially for the long vehicles. Specified 
loads for the purpose of bridge design can be 
determined through statistically based load 
surveys to a significant degree of reliability. 
The procedure employs the concept of the 
'Equivalent Base Length' to transform actual 
vehicles into uniformly distributed loads for 
mathematic manipulations leading to a single 
truck model which efficiently represents the 
wide variation in vehicle types. This report 
describes the development of live loads and 
a new triple posting s ystem. Both have been 
adopted as the basis of capacity rating of 
existing bridges in the new Ontario Highway 
Bridge Design Code. The system employs the 
philosophy of ultimate limit states in evalua
tion of three levels of posting using an 
appropriate loading model for each level. 
Adjustments to the calculated load-carrying 
capacity are made to account for the operational 
overloads beyond legal limits, inherent to human 
nature, and the unusual distribution of loads 
on various axles in a partially loaded vehicle. 

Permissible weights for commercial highway 
vehicles are regulated by the relevant provisions 
of the Highway Traffic Act in the Province of 
Ontario. In order to withstand these legal loads, 
a bridge must meet standards set in design 
specifications currently in use in the province. 
Where a bridge fails to meet these standards, 
certain restrictions are being applied. A restric
tion for maximum gross vehicle weight is presently 

displayed at the bridge by a sign that reads: 

MAXIMUM WEIGHT 
x 

TONS 

The quantitative definition of value X is based 
on design loads (1) that have not reflected specific 
Ontario condition~ for the last three decades. 
Consequently, the value X bears little technical 
relationship to the load-carrying capacity of a 
bridge with respect to the modern commercial 
vehicles. The posted value ha·s served only as an 
administrative tool and a vague warning for a truck 
driver that the bridge ahead is somewhat less than 
capable to carry legal highway loads. 

Drivers have difficulty in properly interpreting 
the posting sign. Truckers consider the posting 
signs too restrictive and tend to believe from their 
experience that they can carry much heavier loads 
across without causing any apparent damage to the 
bridge. Some incorrectly think that the posted limit 
represents payload on the truck. The combination of 
these factors has rendered the posting signs useless 
because the truckers usually disregard them. The 
success of enforcement of a posted weight limit 
almost entirely depends upon the proper education 
and goodwill of a truck driver and his faith in 
the accuracy of the system. 

As a first attempt to update the evaluation 
procedure to reflect modern highway traffic, a 
method was proposed by Csagoly (2). This method, 
still leading to a single velue posting, uses a 
design load based upon the 1971/72 vehicle survey 
conducted in the province, and the Ontario Bridge 
Formula which is the basis for the present vehicle 
weight regulations in Ontario (3). The background 
material and details of the design equation and 
various parameters involved are outlined by Csagoly 
and Dorton in their report on the Proposed Ontario 
Bridge Design Load (4). 

This method incorporates modern highway loads; 
however, it produces a weight limit which is too 
liberal for short trucks which could seriously 
endanger the safety of the structure. It was later 
realized that the single value posting load had 
certain inherent problems irrespective of the design 
model to be used. A single value based upon a short 
truck model would be too restrictive for longer 
trucks and the single value based upon a long truck 
model would be too liberal for short trucks. Also, 
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on a short span bridge, the single value obtained 
by any method would be too restrictive for l ong 
vehicl es because the procedures fail to recognize 
t hat only part ot a long vehicle may be accommodat
ed over a short bridge. 

A new rating system based on multiple value 
posting was developed by the Ontario Mi ni stry of 
Transportation and Comnunicac i ons and, in principl e, 
has been adopted for the new Ontario Highway Bridge 
Design Code. This report describes the pr oposed new 
system and t he pro cedur·e o f evalua ting the l oad
carrying capacity of a substandard bridge using 
this system. 

Classification of Modern Highway Vehicles 

To collect more recent data for commercial 
vehicles, a vehicle survey was conducted in 1975. 
The sample was statistically distributed across 
the province and the data for each vehicle included 
vehicle type and configuration, interaxle spacings, 
empty vehicle weight and the axle weights of loaded 
vehicles. Vehicle configurations observed during 
the survey are shown in Figure 1. Configurations 
seen most frequently were 1, 15, 19, 20, 24, 25, 
26, 29 and 34. 

Categorizing the vehicles by the total number 
of axles appeared to be a simple approach initially, 
but led to complications. When considering the 
range of permissible legal loads, a large number 
of vehicle categories resulted. A more viable 
classification is based upon the number of vehicle 
units in a vehicle combination. All commercial 
vehicles can be grouped into the following three 
categoriils. 

Vehicle Category I 

All single unit vehic les of configurations 1, 
15 and 34 fall into this category. Five axle single 
unit vehicles, without trailer, although rare, are 
also included. The most common vehicles are of 
configuration 15 with a single steering axle in 
front and a dual tandem axle at the rear. The 
legal weight limit on such a vehicle is about 
215 to 250 kN (48,320 to 56,180 lb.). 

Vehicle Category II 

All two unit vehicles consisting of a tractor 
unit and one trailer or semi-trailer are included 
in this category. Common configurations are 19, 
20, 24 and 29 with five or six axles. Seven axle 
combinations of configurations 33 and 36 are also 
present but in very small numbers. Almost 75% of 
all vehicles in this category are of configuration 
24 with a single steering axle in front and two 
dual tandems, one on the tractor and one nn the 
trailer. The legal weight limit for most five 
axle vehicles is 380 to 430 kN (85,400 to 
96,630 lb.) . 

Vehicle Category III 

All vehicle trains consisting of a tractor 
unit and more than one trailer are included here. 
The most co1111Don types of configurations are 25 and 
26. The lega l weight limit for a seven axle vehicle 
train is about 530 to 580 kN (119,110 to 
130,340 lb.) whereas eight axle trains may carry 
up to 600 kN (134,840 lb.). 

The Rating Sys tem 

The nilw system consists of three postin& level~ 
illustrated by the typical posting sign given in 
Figure 2. Levels 1, 2 and 3 control vehicle weights 
in Categories I, II and III, respectively. The sign 
may appear to provide too much information to read 
while travelling at high speed but once the system 
is operational, it is believed a truck driver will 
quickly learn to read the value applicable to his 
own vehicle. 

Evaluation Methodology 

Evaluation of a bridge with low complexity and 
well known behaviour is usually done by analysis. 
Where doubt exists regarding the actual behaviour, 
a full-scale load testing may be required to 
establish the proper mathematical model of the 
bridge structure for analysis. In some cases, a 
proof load testing may also be conducted to 
ascertain the accuracy of analytical findings and 
to verify assumptions regarding material properties 
and strength. However, bridge testing is beyond 
the scope of this report and details of only the 
analytical system are given here . 

The three levels of posting ere determined 
by analytical evaluation of the bridge structure 
using a different live load model for each level. 
Each model is representative of actual vehicles 
in the corresponding vehicle category and includes 
an operational overload allowance beyond the legal 
limits for all operations other than special 
pe.rmits. 

Characteristic Evaluation Equation 

Substandnrd bridges are generally posted for 
a short period of time before remedial measures of 
strengthening or replacement are taken. For such a 
short term evaluation, only ultimate limit states 
are considered. 

The characteristic evaluation equation for the 
ultimate limit states can be written as: 

whe re µ 

qi 
R 

n 

D a 
2 

D .. 
3 

D4 .. 

L • 
L 

L .. 
I 

degree of deterioration 
performance factor 
nominal resistance of structural 
components 
load factor 
s cale down factor 
dead load of factory produced 
structural components, excluding wood 
components 
dead load of cast-in-place structural 
concrete components, structural wood 
components, and all non-structural 
components other than a superimposed 
wearing surface 
dead load of superimposed wearing 
surface 
dead load of earth fill 

live load 

dynamic load allowance 

The degree of deterioration is established by 
a thorough inspection and is governed by the net 



. . Figure 1. Vehicle configurations observed during 
the 1975 survey. 
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cross-sectional area of the reliable material. For 
deteriorated compression members, strength will be 
affected not only by the rPrluced area directly, but 
also by any change in effective buckling capacity, 

The variability factors ~ and a have been 
derived for the design of new bridges (5), They may 
be subject to change for short-term bridge evalua
tion, particularly for posting purposes, The 
performance factor may be modified depending upon 
age, condition, type and past service of the 
structural component but any change must not exceed 
0.10. The live load factor, aL' may be reduced to 

a minimum value of 1.20 for short-term evaluation. 
Dead load factor, aD , for the superimposed wearing 

3 
surface may be reduced to (1 + t)/t where t is the 
average measure of asphalt thickness in inches. The 
above modifications of load factors apply only where 
the load increases the maximum response. 

Structural components which are critical to 
the strength or stability of the entire bridge and 
whose individual loss would cause a catastrophic 
failure may be assigned a reduction in the perfor
mance factor by 10%. 

The scale down factor, F, defines the fraction 
of the representative vehicle model that can safely 
be carried across the bridge. This factor can be 
determined from the characteristic evaluation 
equation 1. 

There is a possibility that the above modifi
cations in ~ and a may lead to an unsuitably low 
overall safety against failure. To guard against 
this possibility, a minimum overall safety factor 
of 1.25 must be maintained. HP.nrP. th~ RrRlA rlnwn 
factor, F, should not be areacer than the value 
aiven by the fo 11 owing P.q11Rti nn: 

F .;;; 

(1 - µ)qi Rn 

1.25 - Effect of (0 1 + 0 2 + O~ + 0 4 ) 

Effect of (LL+ L
1

) 
(2) 

Development of Representative Vehicle Models 

Modern highway traffic consists of several 
variations in vehicle types ranging from short 
two axle trucks to long truck trains. There exists 
an infinite number of combinations of interaxle 
spacings and axle weights. The discontinuous nature 
of highway loads does not lend itself to a simple 
mathematical manipulation. However, the concept of 
'Equivalent Base Length' permits a simple trans
formation of highway loads into a continuous 
mathematical function. Equivalent base length, B , 
illustrated in Figure 3, is defined as the m 
length over which the total weight of a group of 
axles can be uniformly distributed to cause force 
effects in a bridge structure similar to those 
caused by the group of axles itself. This trans
formation makes it easier to determine the force 
effects caused by a vehicle or a part thereof. 

In 1967 data were collected on the axle weights 
and interaxle spacings for 6,763 vehicles in 
Ontario. Analysis of these data, using the equiva
lent base length concept (§) , led to the develop
ment of the Ontario Bridge Formula. This formula 
became the basis for heavy vehicle weight control 
in the Province of Ontario in 1~70. The Ontario 
Bridge Formula is given as: 

w 88.96 + 30.21B .- 0.34B 2 
m m m 

where W 
m permissible total weight on a group 

of axles in kilonewtons 

(3) 

B 
m 

equivalent base length for the group 
of axles in metres 

20.0 + 2.07B - 0.0071B 2 
m m 

where Wm is in kips and Bm is in feet. J 

The Ontario Bridge Formula is displayed as a 
curve in Figure 4. Such a diagram is commonly known 
as an 'Acceptance Test Diagram' and serves as an 
excellent tool to check a loaded vehicle for 
violation of legal limits and to compare the force 
effect of different vehicles on bridge structures. 
An example truck is displayed on the acceptance 
test diagram in Figure 5. The full truck or any of 
its subconfigurations is represented by a single 
point. If the point lies below the Bridge Formula 
curve, the subconfiguration is considered to be 
within the legal limits. 

Maximum Observed Load Level 

Through various load surveys in Ontario, it has 
been established that a certain relationship does 
exist between the legal and actual loads. Based on 
a commercial vehicle weight survey in 1971/72, in 
Ontario, a level of maximum observed load (MOL) 
was established. This level was found to be about 
100 kN (22.5 kips) higher than the Ontario Bridge 
Formula and was further verified by the vehicle 
survey in 1975 Cl). 

Modified OBF and Mor. T.evP.1 R 

The Highway Traffic Act for heavy vehicle weight 
cont rol in •lntario was amended in 1978 (8). The new 
legal limits are based on a modified Ont~rio Bridge 
Formula given as: 

W 9.806 (10 . 0 + 3.0B - 0.0325B 2) 
m m m 

The modified MOL level is given as: 

9.806 (20.0 + 3.0B - 0.0325B 2) 
m m 

The modified MOL level has been adopted as 
the level of specified live load models for the 
Ontario Bridge Design Code. 

Representative Truck Models 

During the early stages of writing the Ontario 
Bridge Code, truck models for the design and 
evaluation of bridges were developed independently. 
The reason for this is that evaluation trucks need 
represent only the corresponding vehicle category 
whereas the design truck model must represent the 
entire truck population. A few important observa
tions were made from the 1975 vehicle survey: 

1. For vehicles in Category I, the maximum 
single axle weight was less than 140 kN (31.47 kips) 
and violation of legal gross weights was within 
90 kN (20.23 kips). The most common spacing for a 
dual tandem was about 1.22 m (4 ft.). Loads as high 
as 270 kN (60.70 kips) were observed on these axle 
units. 

2. For vehicles in Category II and III, single 
axle weights as high as 184 kN (41.5 kips) were 
observed. Violations on axle units and axle groups 
reached up to 107 kN (24.05 kips). The largest 
single axle weight in the 1971 survey was 202 kN 
(45.5 kips). 
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Figure S. Equivalent base length Bm (ft,) 

~ ~ 5 
~ 

60 
30 2 

;;.<,~"-~+-~~--1~~~-+=======~==!.~-L~~--I 
I-

~ 
~ 

s 40 

EQUIVALENT BASE LENGTH 811 (ft I 

~~7~~ 60 

e 
"' "'' OL 

• 316m 

140140 

+ i 
112 .. 
I 

200 

t 
6 Om 72m 

1 .O 

Figure 7 . Comparison of OHBD Truck with the 
maximum observed load level. 
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The truck models which would be used frequently 
in future design and evaluation should be simple 
and spacings and axle weights should be easy to 
remember. The requirements for the design truck 
model and the Level 3 evaluation truck model are 
essentially similar. The model should have: 

1. At least one single axle weight of 200 kN 
(44. 96 kips), 

2. A light front axle typical of most highway 
vehicles. The common front axle weights were 
found to be c lose to 53 kN (12 kips), 

3. A dual tandem axle at about 1.22 m (4 ft.) 
spacing, carrying close to 270 kN (60. 70 kips), 

4. A total length of about 18.3 m (60 ft,) 
which is the commonly observed distance between 
the extreme axles in truck trains. 

For the truck model for Level 1 evaluation, 
the heavy single axle of 200 kN (44.96 kips) was 
not required, but the heavy dual tandem axle unit 
had to be retained. 

Finally, it was possible to develop a truck 
model which, in its entirety, can be adopted for 
design and Level 3 evaluation, and whose subconfig
urations can be utilized for Level 1 and 2 
evaluation. This model, designated as the Ontario 
Highway Bridge Design Truck (OHBD Tr uck), is shown 
in Figure 6, Its subconfigurations are compared 
to the MOL level in Figure 7. The three truck models 
for evaluation are shown in Figure 8 and designated 
as OHBR-1, OHBR- 2 and OHBR-3 Truck. The fact that 
OHBR-1 Truck is a part of the OHBR-2 Truck, which 
in turn is a part of the OHBR-1 Truck, makes the 
co111putation for three-level evaluation reasonably 
simple. It may also be noted that the OHBR-3 
Truck is identical to the OHBD Truck. Although not 
essential, this is convenient for the Code. Gross 
weights of the three models are 340, 540 and 700 kN 
(76.44, 121.40 and 157.37 kips), respectively. 

Multip l e Presence of Vehicles 

The live load model previously described 
represents a population of single trucks. In the 
evaluation of bridge capacity, the total live 
load effect is determined by considering the 
oimultaneous presence of a number of trucks on 
the bridge. These trucks may belong to one or 
several vehicle categories. It can be proven that 
the load limitation determined by the exclusive 
use of a particular truck model for each level is 
valid for any mixture of truck types. 

Consider a situation where two trucks are 
placed on the bridge for evaluation of bridge 
capacity for the three levels. The bridge is 
analyzed by placing two OHBR- 1 Trucks and a 
posting load of 150 kN (33.72 kips) is obtained 
for Levill l. Similarly, fl posting load of 250 kN 
(56.20 kips) for Level 2 is obtained by using two 
OHBR-2 Trucks. The bridge will be able to safely 
carry either two trucks from Category I, each 
loaded to 150 kN (33.72 kips), or two trucks from 
Category II, each loaded to 250 kN (56.20 kips). 
The governing effect would be due to either the 
gross weight of the trucks, or the weight on the 
axles, particularly for short span bridges and in 
the event a secondary member is most critical. 

Now let us examine the effect of placing one 
truck from Category I, loaded to 150 kN (33.72 
kips), and another from Category II, loaded to 
250 kN (56.20 kips). If axle weights govern the 
bridge capacity, the effect of a truck from 
Category I would be similar to the effect of a 
truck from Category II, and the mixed truck case 

will have the same effect as with two trucks from 
either category. If the gross vehicle weight is the 
governing item, the mixed truck caoe would be 
less severe tha~ the case using two trucks from 
Category II. Thus, mixing trucks from various 
categories need not be considered for the evaluation. 

Highway Classification 

The number of trucks to be placed simultan
eously on a bridge depends largely on the type of 
road and the traffic volume using the bridge. For 
the design and evaluation of bridges, all roads 
and highways in Ontario are categorized into the 
following three classes: 

Class A - includes all freeways and arterial 
roads. These roads carry high volumes of commercial 
traffic, 

Class B - includes all collector roads. These 
carry a medium volume of commercial traffic. 

Class C - includes all local roads carrying a 
light volume of commercial traffic. Roads with no 
commercial traffic also are included in this class. 
Roads in this class are limited to two traffic lanes. 

Multiple Truck Arrangement 

For all simple span bridges with span lengths 
up to 100 rn (330 ft.) and continuous bridges where 
the sum of two adjacent spans does not exceed 122 m 
(400 ft.), no more than two trucks need to be 
considered in a traffic lane. Based upon his prob
abilistic study of multiple presences (2_), Agarwal 
suggested to use a maximum of 4, 3 and 2 trucks 
simultaneously on a bridge in highway Classes A, 
B, and C, respectively. For the negative moments 
near, and the reaction at the intermediate supports 
in a continuous structure, up to 5 trucks are 
suggested for Class A highway bridges. Some truck 
arrangements for the three classes are displayed in 
Figure 9. 

Representation by Uniformly Distributed Load 

The multiple truck arrangement described above, 
although looks physically simple, may lead to some 
difficulties in positioning trucks on longer spans. 
Furthermore, it is considered to be a less efficient 
way to represent a wide var i ety of traffic mix 
which may also include a large number of light 
and/or non-commercial vehicles. It was found that 
such a diverse traffic mix can be more effectively 
represented by a complementary, uniformly distri
but ed load in each traffic lane toge ther with a 
fraction of the basic truck model. 

Figure 10 shows Lane Load models for the three 
levels of evaluation. To determine the critical 
force effects on a structural component, one or 
more traffic lanes may be loaded. Each lane is 
loaded by one OHBR Truck or the corresponding Lane 
Load, whichever gives the larger effect. Total 
force effect is then multiplied by a reduction 
factor given in Table 1, to account for reduced 
probability of having simultaneous loads in more 
than one traffic lane. 



. . Figure 9. General load patterns under the proposed 
multiple presence of a number of the trucks . 
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Figure 10. Lane loads. 
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Figure 11 . Partial l oads on OHBR-2 Trucks. 
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Figure 12. Load shift factors for shear and moments. 

1.40 .------.-----.,------.-----.,..------. 

I 3S 

~ I I 0 I---+-+--,<-~ 
0 
-' 

200 300 400 

BR IDGE CAPACITY ( kN) 

soo 

Figure 13. Posting load for first level. 

POSTING LOAD (kN) 
0 50 100 150 200 250 

IO r-----'---.--~-.-----..---.-~--.-..,..-~ 

u. 

~ 0 7 r--------;-----,--1-J"*'>'---G!fl'>----+--r- -I 
I-

~ 
u. 
z0. 6 t-----'----t-~-7"Hof--"'9F'i!lff-e<tltrr---+-~--i 
~ 
0 
0 

UJ 0 . 5 1-- --;- - --t-Tn!.<-+---"------+'"'1---1 
..J 
<I 
0 
Cll 

0.4 t----t--~---+---.;------.---+--'--~ 

0 .2 .__ .............. __ _._ _ _ _._ __ ..._ _ __. __ _._ ....... __, 

0 4 8 I 2 I 6 20 24 28 
POSTING LOAD (TONNES l 

600 



228 

Table l. Reduction factors for multi-lane loading. 

Number of 
Loaded Lanes Reduction Factor 

l l. 00 
2 0.95 
3 0.85 
4 0.75 
5 0.67 

6 or more 0.60 

Partially Loaded Vehicles 

An empty vehicle, or a vehicle loaded close to 
its legal limits in accordance with the Highway 
Traffic Act, would generally have an even distri
bution of load on various axles. The force effect 
per unit gross weight of the vehicle would be close 
to the force effect per unit gross weight of the 
truck models. Vehicles with partial loads may have 
an uneven distribution on various axles due to the 
unloading procedures. For instance, a truck train 
may travel with an empty second trailer but the 
first trailer may be fully loaded in the legal 
sense or even overloaded. Such a vehicle may cause 
much larger force effects per unit gross weight. 
Allowance, therefore, should be made in the bridge 
capacity rating for such odd distributions. 

Load shift factor, Fs, defines the ratio of the 

force effect per unit gross weight of a partially 
luatletl vehtcle, and the torce effect per unit gross 
weight of the truck model for the level of evalua
tion under consideration. The largest load shift 
factors are determined by using various unusual 
distributions of partial loads. Generally, force 
effects are found to be larger if the load is 
concentrated over the middle axles of a vehicle. 
Figure 11 shows an example of unloading an OHBR-2 
Truck to obtain large load shift factors. For each 
loading level, the force effect per unit gross 
weight is detennined for simple spans and compared 
to the force effect per unit gross weight due to 
a full OHBR-2 Truck. The results are shown in 
Figure 12. Load shift factors are found to be 
larger for shurter spans or secondary members 
and approach unity as the load level approaches 
empty vehicles or fully loaded vehicles. 

Overload Allowance 

From the commercial vehicle surveys in 1971/72 
and 1975, it has been established that a consider
able number of trucks do violate the legal limits. 
The degree of violation depends upon the clarity 
of vehicle wei~hL regulations, its enforceability, 
the degree of enforcement and, to a great extent, 
on the p2nalty structure for overloads beyond 
legal limits. The truckers would like to carry 
maximum loads without endangering vehicle safety 
and receiving heavy penalties. Some may find it 
more economical to pay the fines for small over
loads. In Ontario, the fines increase exponentially 
with the amount of overloads in order to discourage 
the truckers from carrying large overloads. 

Using vehicle surveys, maximum overloads have 
been established for normal operation on routes 
where full Bridge Formula loads were permitted. 
The overload could be on the full vehicle or its 
subconfigurations. The maximum overload for 
Category I trucks was found to be about 90 kN 

(20.23 kips), while for other categories it 
could be as high as 107 kN (24.05 kips). For 
bridges which are not capable of carrying full 
legal loads, permissible weights would be less 
than those permitted by the Bridge Formula. 

Unfortunately, no information is available 
regarding the degree of violation when only part 
of the full legal loads is permitted but, it is 
believed that these overloads will be somewhat 
smaller than th" values given above. Prediction 
of such overloads is at present a matter of 
judgement. However, a minimum overload allowance 
of SO kN (11.24 kips) for permissible load levels 
corresponding to empty vehicles seems to be 
justified. The overload allowances for the three 
levels of posting are given by the following 
equations: 

First Level: 

90.0 

Second Level: 

L
0 

30.0 + t ~ 107.0 

Third Level: 

L
0 

30.0 + % ~ 107.0 

where L 
0 

overload allowance in kN 

C bridge capacity rating in ktJ after 
adjustment tor odd distribution of 
load for partially loaded vehicles 

Posting Load Charts 

(4) 

(5) 

(6) 

The scale-down factor, F, defines the bridge 
capacity before any adjustment is made for partially 
loaded vehicles and overloads beyond permissible 
limits. Two steps of adjustments are made before 
arriving at the posting load. First, an adjustment 
is made for load shift in partially loaded vehicles 
to obtain the adjusted bridge capacity, C: 

c F 
F 

s 
(Gross Weight of Truck Model) (7) 

Second, using equations 4 to 6, overload allowance, 
L

0
, is determined. Posting load is then given by: 

p r, - T. 
0 

(8) 

Posting load charts have been developed which give 
the posting load, P, directly as a function of the 
scale-down factor, F. The above two adjustments 
are implicit in the <'h11rt!'I, F'igurlO's 13, 14 and 
15 give the three Posting Load charts for Levels 1, 
2 and 3, respectively. 

The following steps summarize the analytical 
evaluation procedure. 

l. Select critical members and sections in the 
bridge and determine the force effect for various 
dead loads and live load placing an appropriate 
OHBR Truck or corresponding La~e Load in each of 
the traffic lanes. 

2. Select appropriate variability factors. 
3. Using equation l, determine the scale

down factor, F, for each level of evaluation. 
4. Check to assure that equation 2 is 

satisfied. 

,. 
' 



5, Read the posting load for three levels 
from the appropriate posting load chart for 
corresponding scale-down factor. 

Figure 14. Posting load for second level, 
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Conclusions 

l. It has been shown that a posting system 
that relates to a 20-ton AASHTO Truck weight is 
not compatible with modern commercial highway 
traffic. 

2. Using statistically based load surveys and 
the principle of the Equivalent Base Length, vehicle 
models can be buil t for design and evaluation 
purposes to represent the total vehicle population. 

J . The limit sta tes design philosophy, which 
i s the basis of the Ontario Highway Bridge Design 
Code , i s readily adoptable for the evaluation and 
ratLng of e xist i ng br idges. 

4. The three-level posting system appears to 
be reasonably accurate and operationally practical 
for controlling modern highway traffic. 

5. The posting is to be considered as a 
temporary measure to assure the safety of the trav
elling public. 
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CORRELATING BRIDGE DESIGN PRACTICE WITH OVERLOAD PERMIT POLICY 

Robert C. Cassano and Richard J, LeBeau, California Department of Transportation 

Bridge engineers in many states have been design
ing bridges using working stress methods end 
AASHTO HS20 live load vehicles for the past 35 
years. Recently, the AASHTO Specifications have 
permitted the use of load factor design for common 
structure types, During this same period there 
has been a significant increase in the number of 
vehicles that greatly exceed legal loads operating 
with special permits, as well as a marked increase 
in the weight of legal vehicles, To accommodate 
these loads, higher stress levels, defined as 
"operating 11trene1" in tha AASHTO Manual of 
MAlntenanca Inspection of Bridges, are allowed at 
the discretion of the responsible agency. Tiie 
practice of designing new structures by one set 
of rules and computing overload capacities by 
another results in a peculiar situation, Tiie 
overload capacity of new structures varies widely 
depending upon construction materials and span 
length, It is inefficient to have the load 
capacity of a route segment limited by one or two 
structures while others have far greater capacity 
than can possibly be utilized. The purpose of 
th i s paper is twofold . Fi-rst, to alert bridge 
engineers that they will reduce the usabil ity of 
t l':eli: highways by adopt i ng load factor de s ign 
without a corresponding increase in design live 
loads . Second, to relate how the California 
Department of Transportation assures uniform 
overload capacity at "operating stress" levels in 
new structures by routinely including a family of 
standard permit vehicles as one of tha loading 
conditions in a load factor design method. 

This paper will cause stAtP. hridga angineero to 
question the adequacy of their present design proce
dures. It will particularly throw doubt on the 
prudence of following the Load factor Design (LFD) 
method prescribed in the American Association of 
State Highway and Transportation Officials (AASHTO) 
Standard Specifications for Highway Bridges using 
HS20 loads only. 

We hope to cause the bridge engineer to consider 
some serious questions: 
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·Are the bridges under construction in his state 
adequate to carry the extra-legal loads that are 
currently operating there under permits? 

0 Will they be adequate to accorranodate both legal 
and extra-legal loads anticip~ted 10 or 15 years 
from now? 

•Is the capacity for overload in his bridges fairly 
uniform regardless of structure type and span 
length or is the usability of a particular route 
segment controlled by a single structure, or 
structure type? 

•Will he make mat.ters better or worse by adoptinR 
LFD? 

These ques tions a.re timely because the nation is 
about to embark on an accelerated federally funded 
bridge replac ement program. Since this provides an 
opportunity to upgrade a significant number of struc
tures, it is reasonable that the bridge engineer give 
serious thought to the load capacity required in 
t he se replacement structures, 

There is another reason for reviewing design 
loads for states that have adopted, or are thinking 
of adopting, LFD as standard office procedure. Tilis 
design method produces structures with lower initial 
cost than those designed by the Working Stress 
Design (WSD) method , but the capacity for overload, 
although more uniform, ls lower. Building these 
lighter structures may be a poor investment. 

We, in Califor nia, asked ourselves the above 
questions a few years ago before adopting LFD. We 
found litt l e correlation between loads and stresses 
assumed ln design and those that occur in operating 
the structure afte r lt is buil t. We found a wi de 
variation in overload capacity from bridge to bridge. 
Most importantly, we found that if we adopted LFD 
using only an HS20 design load, our newest structures 
would not be abl~ to carry permit vehicles that had 
become fairly common on our highways. 

Definition of Loads 

This paper will be more readily understood if 
agreement is reached on loading terminology. 

The H and HS hypothetical loads are defined in 
the AASHTO Standard Specifications for Highway 
Bridges and are illustrated in Figure l. The HS20 
Load ls routinely used by all but a few states in 
the design of new bridges on major routes. 
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HS LOADINGS 

Fioure 1 

Figure 2 

Legal loads are those maximum weights and dimen
sions of motor vehicles that can operate on highways 
without special approval from authorities. Federal 
Aid Amendments of 1974 increased the permissible 
weight of vehicles operating on the Interstate 
Highway System to the following levels: 

Single Axle Wt 
Tandem Axle Wt 
Groas Wt 

9,060 kg (20,000 pounds) 
15,400 kg (34,000 pounds) 
36,240 kg (80,000 pounds) 

Legal loads vary somewhat from state t~ state in 
total weight, weight control on internal axle 
spacings, and overall truck dimensions. However, in 
most states they are quite similar to those shown 
above, which are allowed by the Federal Highway· 
Administration on the Interstate Highway System. 

Permit loads are those loads that exceed legal 
limits (extra-legal) but are allowed to operate on 
the highway under a permit issued by a regulatory 
agency. There is a wide variation in extra-legal 
load permit policy from state to state and the 
details of these policies are not accurately 
documented at this time. A National Cooperative 
Highway Research Program Synthesis, now in progress, 
entitled ''Motor Vehicle Size and Weight Regulation, 

Enforcement, and Permit Op er at ions", wi 11 soon 
provide information on current practice, 

In California maximum axle weights allowed under 
routine permits are about 501. greater than legal 
loads. We have devi1ed a family of overload vehicles 
called "P-loads" which are used in rating structures. 
(See Figure 6) A cursory review of information 
prepared commercially for the trucking industry by 
Heavy-Specialized Carriers Conference indicates that 
California's permit loads rank with the heaviest in 
the country. 

Permit Policy 

California's existing highway system is typical 
in that it includes bridges of many vintages in 
diverse states of repair, The structures were 
designed by various working stress design rules to 
carry several different AASHTO loadings. Since about 
1941 we have used AASHTO HS20, but earlier structures 
were designed for Hl5 or even lighter loads, 

In addition to legal loads, it has long been 
California's policy to allow vehicles that exceed 
legal weight limits to use its highway with 
controlled permits. To simplify the administration 
of the permit program, all of the existing structures 
on the state highway system are being rated using 
axle configurations and weights that resemble actual 
permit vehicles. This rating process involves a 
detailed structural analysis of every bridge. 

In each highway district, a permit engineer has 
data, organized by route and post mile, that relates 
the live load capacity of each bridge to standardized 
loads. Using these data and other information 
concerning limitations on truck dimensions, axle 
spacings, and truck suspension systems, he can issue 
permits for extra-legal loads routinely, i.e., 
without further stress analysis of structures on the 
route. Last year approximately 200,000 trips were 
made in California using routine permits. These 
included loads of up to 110,500 kg (244,000 pounds) 
carried on vehicles with nine axles. 

Besides these routine permits, special permits 
for even heavier loads are issued, This kind of 
permit requires a detailed analysis of each struc
ture on the planned route for the specific load and 
vehicle under consideration. Frequently, certain 
operating conditions such as driving at reduced 
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speed and limiting other traffic on critical struc
tures, are imposed to reduce stress levels. A load 
of th i s type i s shown tn Figure 2. 

Operating St r esses 

To fully utilize the mix of existing bridges for 
permit loads, stresses much higher thsn design work
ing stresses may be used to determine maximum load 
capacities. AASHTO has sanctioned the use of these 
higher stress levels and has defined them as 
"allowable operating stresses" in the Manual for 
Maintenance and Inspection of Bridges. A recent 
review of federal inventory data showed that 27 
states use the maximum operating stress levels in 
rating existing structures, i.e., determining safe 
load capacities. Other states rate their bridges 
at lower stress levels, ranging from design working 
stresses to the maximum operating stress levels. 

The rationale for permitting higher stresses for 
permit loads is based partly on the fact that these 
loadings are known, whereas during design, future 
increases in loads must be anticipated. Also, heavy 
permit loads are thought to be applied infrequently 
so that fatigue damage is not a major concern. 

The relationship between design stresses and 
operating stresses can be shown by considering the 
tension flange of a girder constructed of ASTM A-36 
steel. For this material, the allowable design work
ing stress is 0.55 Fy or 138,000 kN/m2 (20,000 psi). 
The maximum allowable operating st r ess on this same 
material is 0.75 Fy or 186,000 kN/m2 (27,000 psi). 

For a concrete structure the spread in reinforc-

ing steel stresses is even greater. For ASTM A-6ls, 
Grade 60 bars, the allowable working stres s ia 
230,400 kN/m2 (24,000 psi) and the operating stres 
is 345,600 kN/m2 (36,000 psi). 9 

The pract ice of des igning a s tructur e using one 
stress level, then rating it for overloads uslng a 
higher stress l eve l re s ult s i n a wide arr ay of over. 
load c a pac ities for newly designed struc tur es, 'Thia 
happens because the r eserve capacity in a structur e 
proport ioned for one stress l eve l and then reviewed 
at a higher s t r ess l eve l ls derived from lower ing 
che factor of safety for both dead and live loads, 
The r e fore the addit iona l capaci t y tha t can be made 
a vai lable for increased live load depends on the 
ratio of dead load to live load. Typically, for 
bridges designed by WSD and then reexamined at 
operating stress levels, concrete structures have a 
much greater capacity than steel structures. 

AASHTO al so allows ra ting of br idges with a load 
fact or me thod. This me thod, which ba ses th e safe 
load capac ity on ulti ma te s trength with a safety 
factor of 1. 3, allows even grea ter load increases at 
the oper ating leve l. The basic l oad factor relat ion• 
ship fo r racings i s ; 

0 Mu ~ 1.3 [Mo1 + M(LL+I~ (1) 

Solving for M(Llr+-1) gives the live load capacity: 

M(LL+I) • 0 Mu 
T:3 "'nL (2) 

This variation in capacity is illustrated in Figure 4 
by comparing a steel girder bridge with a reinforced 
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concrete box girder bridge, both having 30.5 meters 
(lOO·foot) simple spans. For this example the two 
structures shown in Figure 3 were selected to have 
approximately equal LL+I capacity at WSD allowable 
stresses. At the operating stress level (WSD), 
however, the concrete structure has nearly 40% more 
capacity for live load than the steel structure, 
When compared using the load factor rating method the 
concrete bridge has nearly twice the live load 
capacity of the steel bridge. 
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Load Fac t or Des i gn 

Tile AASHTO Specifications have allowed the use of 
LFD as an alternative design method for steel bridges 
since 1970. Similar provisions were included for 
reinforced concrete and prestressed concrete soon 
after that. 

Tilere are three fundamental loading conditions 
used in applying LFD. Tilese are shown in Table 1. 

Tile LFD method, which includes an overload check, 
produces structures with a more uniform overload 
capacity, Unfortunately, structures designed by this 
method using HS20 loads are often not able to accom· 

llORX INC STRESS 

nits example repre1ent1 bridges designed by warking 1tre11 and damonstrates the method of rating the1e 
9 tructures at operating level for both WSD and Ll'D. (8oth are permitted by AASHTO) 
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AA~llTO 

LOAD FACTOR DESIGN 

LOADillG P£RFOIQ1AHCE CONDITION LllltT1NC CRltER!ON 

I . Service Lo•d 
D+(LL+I) 

z. Overload 
0+5 /3 (LL+I) 

J . Max Design Loa~ 
l. J (1>+5 /3 (LL+I )j 

LL Deflection 

Fatigue 

Concrete Crack Control 

Prevent excessive permanent 
distortion under an 
occa1tonal overload 

Provide a reasonable factor of 
safety against collapse 

Structut'al Ste-a\ 

LI Factor 

Controls on 9tress 
range same as for WSD 
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Noncomposite : 
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Composite: 
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cover and spacing 

None 

All compression ln flange 
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8247 kNm 
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6079 Kft 
8247 kllll 

M(LL+I)oper " ~ • 2681 

·~Ut 

(2705 kllll) 



modate permit loads that have been carried safely on 
older structures designed by WSD, 

This can be illustrated by going back to the 
bridge used in the earlier example. Figure 5 shows 
a comparison of the capacity for live load at operat
ing stress level for a similar steel and concrete 
structure designed by LFD using HS20 live loads. 

With this design method the capacities for live 
load using the load factor rating system are nearly 
equal, i,e,, both structures have the same capacity 
for permit loads. The problem is that this capacity 
is significantly reduced under those for structures 
designed by WSD. Randomly located bridges d~signed 
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by these criteria can severely limit the uaability 
of a highway network, 

Need fo_r N'ew Crl. t er i a 

Perhaps it was good fortune that specifications 
for LFD and the federal requirements for inventorying 
and rating existing structures occurred at about the 
same time. Tiiis forced us to consider bridge design 
methods in relation to the way we intended to utilize 
the completed structures. It became apparent that 
when our Maintenance Engineer added a new structure 
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CALIFORNIA CURRENT PRACTICE 

PERFORMANCE CONlJITION LIMITING CRITERION 
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to his inventory, he immediately reanalyzed it to 
rate it for extra-legal loads. Under fresh scrutiny, 
the practice of designing new bridges by one criteria 
and rating them by another seemed a little absurd. 

We saw that the continued use of WSD, which 
results in a haphazard array of capacities at the 
operating stress level had some obvious disadvantages. 
A few structures with low overload capacities limited 
the usability of entire routes, Other structures on 
the same route had far greater overload capacity than 
we could reasonably expect to use. 

The adoption of LFD with only HS20 loadings was 
out o £ the question for us. We could not bear the 
cries of anguish that would be forthcoming from the 
truckers if the level of permit loads was suddenly 
lowered. Besides, it seemed foolish to knowingly 
downgrade ou.r highway system in the face of continu
ing pressure co increase bo th legal and permit loads. 

We gave serious consideration to adopting LFD 
with a larger HS vehicle , perhaps an HS25 or HS30. 
This was rejected i n favor of designing each new 
structure for both a standard permit vehicle and 
HS20 loadings. We eventually realized that there 

was only one way to directly correlate design 
practice with permit policy : Design the structure 
for the load you expect to put on it usi ng operating 
stress levels. In other words attaining the desired 
permit load capacity is made one of the performance 
conditions in the design procedure. 

Permit Vehicle 

To provide a sy1tematic method of rating bridges 
for permit purposes, California bridge maintenance 
engineers devised a loading system that has axle 
weights approximately 1.5 times legal ·toads. As 
shown in Figure 6, this family of overload vehicles, 
which we call "P-loads", is a set of five trucks. 
Each of the five is composed of a steering axle and 
from two to six pairs of tandem axles at 5.49 meters 
(18-foot) centers. The total length ranges from 
10.98 meters (36 feet) to 32.94 meters (108 feet). 
The width is 2.44 meters (8 feet) with the wheel lines 
1.83 meters (6 feet) apart. The heaviest of the 
series, the P-13 loading, has a gross weight of 
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142,242 kg (314,000 pounds). 
On many routes, routine permits are issued for 

vehlcles closely resembling the P•9 truck. The P•l3 
truck, which is larger than anything that has 
actually travelled ·California's highways with a 
routine permit, was chosen as an upper limit to allow 
a reasonable margin for growth. While this load 
seems immense compared with an HS20 vehicle, existing 
structures with a high D/(LL+I) ratio that were 
designed by WSD can carry the P-13 truck without 
exceeding operating stresses. 

Current Practice 

Our current design practice is an adaptation of 
the AASHTO LFD specifications using P-loads in 
addition to HSZO loads. All loading combinations 
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except Group 1 come directly from AASHTO and are 
applted using HS20 loading. Group l has bean 
expanded by addi ng another loading condition using 
the family of P·loads. The AASHTO overload check 
with an HS20 truck is not made because it never 
controls. The loading and limiting criteria are 
illustrated in Table 2. 

For narrow girder spacings California uses 
AASHTO "S·over" factors for distributing P loads to 
individual girders. For wider girder spacings one 
P vehicle and one HS vehicle are placed ln adjacent 
lanes and the distribution to individual girders is 
found by assuming simple beam action on the slab. 
This method of distribution is conservative, and we 
hope eventually that better distribution factors 
will be developed. 

Figure 7 shows the results of a redesign of the 
same two structures using California's current 

LrV!: LOAD CA Po\qTY 
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(LL+l)H Live wad effects of H (M) loads 
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Mo Overload Moment 
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P-Loads Family of truck loads used in California 
Permlt Po I icy 

s, 

Section modulus 
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steel 

Section Modulus of structural steel only 

0 Strength Reduction Factor 

~SD Working Stress Design 
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practice. 11ii1 procedure produce1 structures of 
equal capacity for permit loads, and thi1 capacity 
is greatly increa1ed over that obtained u1ing LFD 
and HS20 load1. 

Liv• load capacitiea for permit loads obtained 
using the three de1ign method• under consideration 
are s U1mU1rized in Pigure B. The notable general 
charact1riatic1 of bridge• designed using 
Califo·rni a' 1 current practice are: 

·Live load capacity for permit loads is es1entially 
equal for all structure type1. 

·Thia capacity i1 higher than that which would 
result from using LFD with HS20 loads only. 

· This capacity may be more or leas than the wide 
array of values obtained using WSD methods. 

While the criteria listed in Table 2 are simple 
and straightforward, implementing this change in 
procedure has not been ea1y. Computer programs that 
were baaed on HS20 loads had to be modified to 
generate moments and shears for P•loads . Designers 
had to be indoctrinated in LFD concepts and learn 
many complex rules included in the AASHTO Specifica
tions. A forty-year collection of charts, design 
aids and short-cuts baaed on WSD became obsolete 
instantaneously. Training, developing new computer 
software, and general wheel-spinning raised engineer
ing coats and slowed production temporarily. 

Effect on St ructure !ypes 

Using LFD and our permit vehicle, we have found 
that reinforced concrete bridges require as much as 
207. less reinforcing steel than those designed by 
WSD. For prestressed concrete structures we have 
found i t necessary to either add significant amounts 
of mild steel to satisfy the ultimate moments caused 
by the overload vehicle in the common span ranges or 
use a higher prestress force . For structural steel 
bridges, slightly heavier steel sections are usually 
needed to accommodate our overload vehicle. In some 

cases, the steel section i1 controlled by fatigue 
conaideration1 rather than the ultimate load capacity, 

Baaed on our typical mix of structure1, the 
total cost of our bridges has not changed signifi
cantly a1 a result of this design procedure. 

Conclusions 

The correlation of design method with permit 
policy was long overdue in California. It was slow 
in coming because nobody looked at the big pic tur e. 
The designer followed AAS HTO WSD rules us ing HS20 
loads , whi c h ls c ommon pr ac t i ce in th e majority of 
states. The ma intenance enginee r wa s apparent ly 
con tent to l ive with these new designs even though 
h i s eva luat ions showed a wide disparity in the ir 
capacity for loads at operating stress levels. 

It took consideration of implementing LFD to 
start a meaningful dialogue between the designer and 
the maintenance engineer. Both agreed that a general 
decrease in load capacity was unreasonable. Both 
thought that providing a uniform load capacity at the 
operating stress level was a desirable goal. It was 
out of these discussions that California's current 
design pr actice evo l ved . The advant age i s cons i der 
able . For no increase i n cos t we are bu ilding new 
bridges that have a uni form, p lanned capacity t o 
carr y standard permit loads at the operating s t r ess 
leve l . Being a ble t o fully ut ilize eve ry struc ture 
along a route provides maximum us abili t y a t leas e 
cost. 

Before starting on an accelerated bridge replace• 
ment program, bridge engineers should review their 
rlesian methods ~R thAy relate to policies concerning 
routine permit loads. They must decide on the stres1 
level at which they want uniform capacity in their 
bridges. Particularly, they should take a hard look 
at the ki nd of structures they will get using LFD 
with HS20 loads only. The decisions that are made 
concernin3 design criteria will have a significant 
impact on the usability of the transportation net
work. The importance of studying this issue 
carefully cannot be overemphasized. 



UTILIZATION OF STRESS HISTORY DATA IN BRIDGE DESIGN 

David W. Goodpasture, Department of Civil Engineering, 
University of Tennessee , Knoxville 

A method for checking the adequacy of steel 
stringer highway bridges for fatigue is pre
sented. Truck types and weights are utilized 
with stress analyses to predict the fatigue 
life of bridges. The distributions of truck 
weights , axle weights and truck types we r e 
based on recent fi eld measurements . A simpl i
fied me t hod of establishing s t ress ranges due 
to typ i cal t r ucks is summarized and an example 
ls pres·en ted. However , any me·thod may be used 
to ob tain the stres s ranges and th e procedure 
ou t lined in the pape r may be used. Th e method 
may be used i n design or i n checking exis t ing 
bri dges . 

l. Background 

The fatigue behavior of hi ghway bridges has been 
the subject of numerous research proj ect s i n the past 
ten years (1,2,3,4,5,6,7,8,9). This i ncrease in in 
terest was caused in part by the failure of the 
Point Pleasant bridge in which for t y-si x pe rsons 
were ki lled. As a result much has been learned 
about material behavior and traffic characteri st ics, 
but this knowledge r equires time to be di ssemina ted 
and t o be converted in t o an easily ut ilized format . 
This paper presents a me thod of ut ilizat i on of da t a 
generally known to t he br idge desi gner and which 
enables him t o be as sophis t icated as desi red i n hi s 
analysi s . i t is presumed that t he bri dge des ign is 
di ctated by factors other t han fatigue and t hat t he 
propos ed met hod i s used as a check ing procedure to 
establ ish the expected life of a bridge. 

The proposed method was developed as a par t of 
a stress his tory resear ch proj ect conducted by the 
Department o f Ci vi l Engi neering of The Uni versi t y 
of Tenn essee and sponsor ed by the Bureau of Pl anni ng 
and Programming of t he Tennessee Department of Trans 
port ati on and the Fede.ral Highway Admi nis t ration. 
The conten t s of this paper r efl ec t the vi ews of the 
au thor who is respons i bl e f or the fact s and the 
accuracy of the data presented herein. The contents 
do not necessarily reflect the official views or 
policies of the State of Tennessee or the Federal 
Highway Administration . 

2. Fatigue Design 

The four distinct phases of the design procedure 
are summarized below and described in detail in the 
remainder of the paper. 

Step 1. Determine the traffic characteristics 
for the proposed bridge such as average daily traf
fic, type of truck mix, etc. 

Step 2. Compute the range of stresses due to 
the loads of step 1. The analysis may oe as simple 
or complex as desired. A simple method is described 
herein. 

Step 3. A factor of safety must be established, 
probably in h 10 parts. One part should account for 
the uncertainty in weight and volume increases dur
ing the life of the structure . The second part 
should reflect the uncertainties in the analysis 
method chosen or the variations in material proper
ties. 

Step 4. The expected life af the bridge is com
puted and compared to the design life. If the com
puted life is not sufficient then alterations in the 
design are in order. 

3. Detailed Procedure 

3.1 Truck Traffic Characteris t ics . The designer 
must establ ish t he number of each type of truck us
ing the bridge. This is accomplished by obtaining 
the average daily traffic (ADT) plus the percentage 
of trucks present or by obtaining the average daily 
truck traffic (ADTT) . After the total number of 
trucks per day is known, the different types present 
and their percentage may be determined. Table I 
contains the usual nomenclature used to identify 
truck types. Reference 7 contains a table which 
presents the various truck type percentages based 
on whether the bridge is located in a metropolitan, 
urban or rural setting. Surveys of present traffic 
in the vicinity of the bridge and projections of 
future traffic may suffice to furnish the number 
of each type of truck to be expected. Overloads 
may be accounted for if the number is known or can 
be approximated. 
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3. 2 Calculations of Stress Range. A simplified 
method i s proposed herein to compute the stress 
ranges caused by the various types of truck traffic. 
The method was developed and compared to a STRUDL 
finite element analysis. Reference 10 describes the 
method in detai 1 and presents an example for its 
use. The weight and axle spacing data shown in 
Table I are very similar to the average values from 
four other states and presented in Reference 7. 
Two stress ranges are determined for each truck type 
based on a graph constructed as described below. A 
352 truck with: 

(a) front axle weight = 8. 75 kips (38.92 KN) 
(b) front axle spacing= 12. 75 feet (3.89 m) 
(c) gross vehicle weight - 50 . 0 kips (222 . 4 KN) 

is placed on the bridge to produce maximum moment 
at the bridge centerline for four cases . The four 
loading variations are shown in Figure 1. The 
bridge may be idealized as a wide beam in order to 
obtain a summation value for plotting. The four 
stress sums are plotted as shown in Figure 2. The 
slopes of the two lines (B and C) and the vertical 
axis intercept (A) must be determined. Also the 
rate of change in the slopes of change in the slopes 
(D) is computed by dividing the difference in the 
two slopes by 38.0. These values are used in the 
following equation. 

!:o = {A - [ B - D ( X - 31 .0) l y } _z_ (1) 
50 .0 

where : 

X '" percent of gross vehicle weight (GVW) on 
middle group for tractor-trailer trucks or 
the percent of GVW to rear axle group for 
single unit trucks, 

Y rear· axle spacing in feet, 
Z gross vehicle weight, 

Ea summation of stress ranges on all girders. 

An impact factor to account for the dynamic nature 
of the loading could be introduced into the equation 
above if desired by the designer. A Monte Carlo 
simulation was used to obtain a typical truck type 
and weight distribution. Stresses computed from 
this procedure are plotted in Figure 3 as the 
simplified method and compare very well with the re
sults of a STRUDL finite element analysis also shown 
on the figure . There is general agreement with the 
values obtained by field measurements reported in 
Reference 9. 

3.3 Factor of Safety. The determination of the 
factor of safety is beyond the scope of this paper; 
however, a brief discussion of the subject is in 
order. It was suggested earlier that the factor 
of safety should be separated into two parts. The 
first part, used to account for growth in traffic 
volume and in truck weights, is very difficult to 
estimate. There has been a significant increase 
in the number of 3S2 trucks on the highways in the 
past several years. The gasoline shortage in 1974 
led to a substantial decrease in traffic volume and, 
therefore, the trend to higher volumes of traffic 
each year has altered. The long term effects are 
even harder to define. Recently, increases in maxi
mum truck weights have been sought both nationally 
and in Tennessee. It seems prudent to include a 
factor in the design of the bridge that reflects 
these possible increases. Reference 8 includes a 
factor of 1.5 to account for future truck weight 
and volume growth. 

The second part of the factor of safety is for 
the uncertainty in material properties and methods 
of analysis. For steel structures designed on the 
basis of elastic behavior this factor is taken to 
be l . 8 (AASHTO) . For fatigue this factor should 
be altered depending on the confidence limit of 
the allowable stress values for a given welded or 
bolted detail. If mean values are used in estab
lishing the allowable stress range, then the safety 
factor should be higher than when the mean is re
duced by two standard deviations as suggested iri 
Reference 3 . 

3.4 Determination of Fati ue Life. There are 
a number methods for determ i ning the fatigue 
life of steel structures. Most design specifica
tions utilize an allowable stress range based on 
l aboratory fatigue test data . This method works 
very well if the design stress range occurs with 
great frequency relative to lower stress ranges. 
However, this is not the case for highway bridges 
where the loading varies from automobiles to 
trucks weighing in excess of 100,000 lbs. (444.8 KN). 
Recently a research project (NCHRP 12-12) was con
ducted to study the effects of variable cycle fati
gue loadings on welded steel bridge members. The 
results of this research indicated that the vast 
amount of laboratory fatigue test data conducted 
at constant stress range magnitude could be used 
in estimating the life of structures loaded by 
variable stress ranges (11). 

There are at least three methods for estimating 
fatigue life of a structure . Two of these methods, 
Miner's theory ancl ruut-meai\-square method (RMS) 
are widely known, whereas the third method, root
mean-cube method (RMC), was recently proposed by 
Yamada and Albrecht in Reference 12 . Miner's 
theory ass11 mes that a fraction of the total fatigue 
life is expended with each loading cycle. If the 
stress ranges can be grouped together in a reason
able number of intervals, then the fractional life 
expended at each stress level may be computed by 
using the number of cycles to failure obtained 
from a S-N curve and the actual number of stress 
range cycles experienced. The usual procedure 
is to compute the sum of these fractional parts 
for a year. The reciprocal of this fraction is 
then the number of years to failure provided that 
the loading history for future years is the same 
as that assumed in the computation. The Rf.IS and 
RMC methods allow the designer to compute one 
equivalent stress range that has the same effect 
as the variable stress ranges. The total number 
of variable cycles is used with the equivalent 
stress range to determine the amount of damage 
experienced based on the S-N curve of the parti
cular steel and structural detail. 

4. Example 

The preceding steps may be clarified by the use 
of an example problem. Therefore, the fatigue 
life of a bridge used in the tests reported in 
Reference 9 will be presented. 

The truck traffic at the bridge site is ap
proximately 11% of the ADT based on data obtained 
during continuous sampling periods and the estimat
ed 1974 ADT of 40,000 vehicles for the bridge. 



The percentages of the various truck types are 
given below. 

~ Percentage 

20 32.4 
3 7.8 

251 2.2 
252 10 . 2 
352 45.6 

Other 1.8 

Based on the percentages above and 11% of 40,000 
vehicles, the following number of trucks can be ex
pected each day. 

20 - 1426 
3 - 343 

2 Sl - 9 7 
252 - 449 
3S2 - 2006 

others - 79 (neglected) 

Next the stress ranges caused by these trucks will 
be estimated. This step may be as simple or as 
precise as the designer wishes. A simple method 
that agrees with measured values for steel girder 
bridges with composite concrete decks was developed 
and is summarized herein. 

Reference 13 gives details about the derivation 
of an equation for the summation of the girder 
stresses for the example bridge. For illustration 
a 3S2 truck is chosen with a front axle weight of 
8.75 kips (38.9 KN), a front axle spacing of 12.75 
feet (3.89 m), and a gross vehicle weight of 50.0 
kips (222.4 KN). The weights on the tractor drive 
axles and on the trailer axles are distributed in 
a 31% to 69% ratio for two rear axle spacings of 
14 feet (4 .3 m) and 30 feet (9. 1 m) as shown in 
Figure 1. These four loading arrangements were 
used to compute the maximum moment in the bridge 
and, therefore, the resulting average stress across 
the cross-section. The average stress was then 
multiplied by the number of girders present to ob
tain the summation of girder stresses. It was 
determined that GVW correlates very well with the 
sum of the girder stresses (13). These four stress 
values were plotted on the graph shown in Figure 2. 
The slopes of the two lines were determined and 
used to obtain the equation shown below. 

Ea= {8.333 - (0.14575 - (0.001 38322) (X -
31)] Y} s7i (2) 

where X, Y, and Z were defined in section 3.2. 
Distributions of gross vehicle weights indicate 

that the majority of trucks are either heavily 
loaded or essentially empty with smaller percentage 
with weights between these two extremes (9). There
fore, one half of the trucks of a given type were 
considered to have a weight equal to the mean 
value less one standard deviation and the other 

half were considered to have a weight equal to the 
mean value plus one standard deviation as indicated 
in Table I. The weights of the various types of 
trucks are summarized in Table II. These weights 
were then used with the tabulated distribution per
centages and axle spacings shown in Table I to ob
tain maximum and minimum loading configurations 
given in Table II as columns A and B, respectively. 
The sum of the girder stresses was then divided by 
the number of girders and multiplied by a lateral 
load distribution factor. The lateral load dis
tribution factor may be obtained theoretically or 
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the AASHTO factor may be used . In this example, 
there were seven girders and the lateral load dis
tribution factor of 2 .80 was obtained exper i mentally 
(9). These stress ranges were then used to esti
mate the fatigue life of the bridge using Miner's 
theory, RMS and RMC methods. The st resses shown in 
Table 1 I were for the center of the span, but the 
critical locations for fatigue on this bridge were 
at the end of the cover plAtes. Experimental re
sults (9) indicate that the stress range at the end 
of a cover plate was trom 0.6 to l.11 times that 
at the center of the span for this bridge. The 
computed stress ranges at the cover plate ends and 
the number of cycles to failure from S-N curves in 
Reference 11 are shown in Table III. This informa
tion and the number of trucks causing these stress 
ranges are sufficient for the calculation of the ex
pected life in fatigue. If the present traffic 
volume and weight limits are assumed to continue 
for the lift of the bridge, then fatigue cracks at 
the cover plate end-welds would be expected to oc
cur after 107, 113, or 82 years when predicted 
using Miner's theory, the RMS method or the RMC 
method, respectively. It is also assumed that all 
of these trucks are using the same lane which is 
very conservative. 

Sample calculations illustrating each of the 
three methods are shown below. 

(A) Miner's theory: damage in one year 

36 5 { 7. 3 371 x3 l 0 8 + __ 7_1.-.3'---:-:- + -~l .:....71;;,,,·....:5'----7 + 
1.33 x 1010 8.39 x 10 

__ 1_7_1._s_~ + __ 4_8 _. 5_""" + __ 4"'"8;;,,,·....:s'--= + 

l.ll x 10
9 

7.32 x 109 1. 48 x 109 

224 .S 224 .S 1003 
8 + g + + 

1.39 x 10 1.12 x 10 3.94 x 107 

I003 SJ/ = 0. 00929 
S.49 x 10 

and the expected life is the reciprocal of the 
damage 

1 
0 . 00929 = 107 years 

(B) Root-mean-square (RMS) 

(713 (0.979)
2 

+ 713 (0.358) 2 
+ 171.S (2.08) 2 

+ 171.5 (0.847) 2 
+ 48.5 (0.98) 2 

+ 

Log N 

48.5 (0.768) 2 
+ 224.5 (l.745) 2 + 

224.S (0.845) 2 
+ 1003 (2. 705) 2 

+ 

2 1003 (l. 083 
4321 

1. 601 ksi 

8.839 - 2. 877 Log (1.601) 

N 178,255,294 cycles to failure 

. f N 
11 e = 4321 x 365 = 113 years 
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(C) Root-mean-cube (RMC) 

{
[713 (0.979)

3 
+ 713 (0.358) 3 

+ 171.S (2.08) 3 
+ 

3 3 3 171.5 (0.847) + 48.5 (0.98) + 48.5 (0 . 768) 

+ 224.5 (1.745) 3 
+ 224.5 (0.845) 3 

+ 

1003 (2 .705)
3 

+ 1003 ( l.083) 3) 
4321 

= 1. 792 ksi 

Log N 8.839 - 2 .877 Log (1.792) 

N 128,840,409 cycles to failure 

life = 4321 ~ 365 = 82 years 

It might be more realistic to expec t that the 
traffic volume may i ncrease and the number of 
trucks using the bridge would also increase . . If a 
4'l; growth rate is assumed, the the expected life. 
decreases to approximate! y 40 years. [ncreases in 
the allowable loads on trucks would also decrease 
th is life. An increase of 10% of presen't truck 
weights would result in an expected life of ap
proximately 60 years even if there were no in
c rease in truck tTaf fic volume. 

S. Conclusions 

This paper described a method of fatigue design 
that incorporates significant data obtained from 
field measurements of truck weights and girder 
stresses in highway bridges. The method allows the 
designer with the flexibility of obtaining girder 
stresses with as much accuracy as deemed neces sary. 
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Truck 
Type 

3S2 

20 

2S2 

2Sl 

3 

Truck 
Ti'.Ee 

2D 

3 

2Sl 

2S2 

3S2 

kip 

1 ft 

TABLE I 

CHARACTERISTICS OF EACH TRUCK TYPE 

Configuration 

....rib 1 
r-~1---a ~o-1 

Axles Spacing 
and 

Standard Deviation 
(feet) 

A = 12 . 75 + 1. 0 
(constant) 

B = 30.75 + 3.3 

A= 15.0 + 2.25 

A=ll.10+0.9 
(constant) 

B = 28. 5 + 2. 5 

A=ll.0+1.0 
(constant) 

B = 29.5 + 3.5 

A= 17.25 + 2.4 

1 kip= 4.448 KN 

TABLE II 

Gross Weight 
and 

Standard Deviation 
(Kips) 

50.1 + 16.9 
Fix front axle 
weight = 8 . 7 5 

14.5 + 5.9 

35.2 ... 10.6 
Fix front axle 
weight = 8.0 

29.7 + 6.7 
Fix front axle 

weight = 8.0 

26.8 + 9.5 

l ft = 0 . 3048 meter 

Present Weight 
to Middle Axle 

and 
Standard Deviaiton 

52.6 + 6.6 

37.0 + 6.5 

48.6 + 6.4 

52.6 + 7.5 

38. 0 + 6. 0 

TRUCK LOADINGS AND RE SUL TING STRESS RANGES 

z y x 
Weight 

Rear Axle Distribution Girder Stress 
Weight (kips) Spacing (ft.) (percent) (ksi) 

A B A B A B A B 

20.4 8.6 12.75 17 .25 43.5 30.5 1. 093 0 .400 

36.3 17.3 14.85 19.65 44.0 32.0 1.869 0.761 

36.4 23.0 26.0 33.0 60.1 45.1 1.628 0.768 

45.8 24.6 26.0 31.0 55.0 42.2 1.981 0.845 

67.0 33.2 27.45 34 .OS 59.2 46.0 2 . 896 1.083 

= 4.448KN 

= 0.3048M 

A ~ maxillD.llll loading configuration 

B • minimum loading configuration 
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TABLE III 

FATIGUE CHARACTERISTICS FOR EXAMPLE BRIDGE 

Stress at 
Coverplate Number of Cycles to Failure 

Truck end ~ksi) Lo& N = 8.839 - 2.877 Lo& Sr. 
T e A B A B 

20 0.979 0.358 7 .33 x 108 1.33 x 1010 

3 2.080 0. 847 8.39 x 10 7 1.11 x 109 

2Sl 0.980 0.768 7.32 x 108 l.48xl09 

2S2 1 . 745 0. 845 1 . 39 x 108 1.12 x 109 

3S2 2. 705 1.083 3.94 x 107 5.49 x 108 

l ksi = 6900 KN/ M2 

A = maximum loading configuration 

8 = minimum loading configuration 

31% 69\ 

ct" "9 0 l .. QjO 
69\ 31\ 

cP oJo oo 
f--

12.75' ____ _ 
14' --I 

31% 69% 

cP 00 oJo 
~12.75' ______ _ 

30' I 
31% 

oJo 
30' 

I I 

Figure 1 3S2 Truck Loading Variation 
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IN-PLANE AND OUT-OF-PLANE INSTABILITY OF A 297 M SPAN STEEL ARCH BRIDGE 

Yukio Maeda and Masa Hayashi, Osaka University, Japan 

Ohmishima Bridge, which is now under construction 
in Japan, is a steel highway bridge spanning 297 m 
(974.4ft.) of a half-through two-hinged solid rib 
arch stiffened by side ties. The two main arch 
ribs of box section are stiffened respectively, 
by two side ties. One end of each tie is fixed 
to the top of an abutment in both side spans. 
Bending moments and stresses due to live loads or 
wind loads in the arch ribs can be reduced by the 
stifftmin!!; LiO!i; more than those of ordinary two
hinged arches, and the steel weight of the ribs 
decreases considerably. Therefore, this new type 
arch is more economical than an ordinary two-hing
ed or fixed solid rib arch. Since the arch ribs 
become more slender, geometrical nonlinearity of 
the arch may be more remarkable. To investigate 
the geometrical and material nonlinearities of 
such a long-span and unusual type of steel arch 
bridge including overall inelastic instability, 
extensive experimental and analytical studies 
were carried out. In this paper, the results of 
the analytical study with discussions are report
ed. The combined nonlinear analyses are performed 
by a matrix method based on finite displacement 
theory for in-plane and out-of-plane instability. 
It was confirmed that the side ties for stiffening 
a two-hinged arch bridge are very effective for 
the reduction of stresses and geometrical non
linearities and for an increase of overall ulti
mate strength in-plane or out-of-plane of the arch. 

Orrnishima Bridge is now under construction in 
Japan as the first bridge of long-span bridge projects 
to connect the Mainland to Shikoku Island crossing 
the Seto Inland Sea. It is a half-through highway 
bridge spanning 297 m (974.4 ft.) of a two-hinged steel 
arch stiffened by side ties, which may be called a 
new type of arch bridge not experienced in the world. 

The first design proposed for Orrnishima Bridge 
was a fixed steel arch bridge(!), but it was changed 
into the present final design of a new type of two
hinged arch. Since smaller box sections can be used 
for its arch ribs due to reduced bending mo,oents, 
this type of bridge gives a more economical and 
rational design than a fixed arch bridge or an ordi
nary two-hinged arch bridge. However, its more 
slender arch ribs may cause greater nonlinear structur
al behaviors. 

In this paper, a theoretical study on this new 
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type of arch bridge modelling Olmishima Bridge will 
be presented(2). The geometrical nonlinear behaviors 
under design loads and the ultimate strength are in
vestigated in terms of in-plane and out-of-plane in
stability. First of all, the outline of analytical 
method by a matrix method based on finite displace
ment theory will be shown. Then, the calculation 
results will be discussed on the characteristics of 
structural behaviors. 

The three-dimensional nonlinear analy&is of 
framed structures considering finite rotations of 
displacement components has not been reported. Also, 
the elasto-plastic space analysis taking account of 
the effects of finite rotations and spread of plastic 
region in the whole members has not been applied to 
an actual bridge. Therefore, these effects are con
sidered as accurately as possible in numerical cal
culations by means of theoretical analysis and nu
merical computation. 

Summa ry of Nonlin.ea.r Analysis 

Nonlinear analyses of the arch are carried out by 
a matrix method based on finite displacement theory. 
An outline of analytical methods for space frames is 
given as follows, except the planer analysis. 

Assumptions 

The following assumptions are imposed in the com
bined nonlinear analysis of space frames: 

1. Members are straight thin-walled beams of a 
doubly symmetrical uniform cross-section. 

2. The longitudinal dimension of a beam is much 
larger than its lateral dimension. 

3. The middle line of thin walls in a cross sec
tion does not distort after the deformation of the 
beam. 

4. Thin walls deform under the Kirchhoff-Love 
hypothesis for thin shells. 

S. Warping of cross sections, shear distortion, 
overall buckling of members and local buckling of 
thin walls are ignored. 

6. The Mises yield condition and the Prandtl
Reuss equation are employed in plastic regions of 
walls. 

7. The stress-strain diagram of material is 
assumed to be linearly elastic-perfectly plastic. 

l 

l 



Finite Displacement of Beam 

Finite rotations in a three-dimensional space do 
not satisfy a co11111utative law, nevertheless they have 
been treated as a vector in most studies(3, 4). In 
space analysis, only Oran(S) pointed out the- above
mentioned misunderstanding-and used a rotation matrix 
which was called a joint orientation matrix in his 
paper. Kowever, the rotation matrix shown in his 
paper is one for a small rotation. 

A rotation matrix of a nodal point was formular
ized(6) with a coordinate transformation matrix of a 
membe~ taking account of finite rotations as well as 
finite translations. These matrices are mathematical
ly exact ones. 

Figure 1. Local coordinate systems of a member . 

By the use of this rotation matrix, the finite 
displacements u, v and w of an arbitrary point C on 
the middle surface of a thin wall are obtained under 
the assumption 3. They are expressed by omitting non
linear terms higher than the third order as follows: 

ii UO - v~y - w~Z 1 ¢ ( r-z o WoY v~z), (1) 

ij VO - ¢oz - l[qi2-
2 0 y + (v; )2 y + v;w;zJ, (2) 

w WO + ¢oY _ l[qi2-z 
2 0 + (w; )2 z + v;w; y] (3) 

where u 0 , v 0 , w0 are the displacement components and 
¢0 the torsional angle at the centroid 0 of a cross 
section having the coordinates (x, 0, 0) in a rectan
gular Cartesian coordiroate system (x, y, z). y and z 
are the coordinates of the point C, and the prime 
superscript indicates differentiation with respect 
to x. 

Strains of Thin Wall 

The strains and the stresses of a thin wall are 
expressed in a local system of orthogonal curvilinear 
coordinates (x, s, n) at the point C. 

Strain components are obtained by using the dis
placements of equations 1, 2 and 3 on the middle 
surface of the wall under the Kirchhoff-Love hypothe
sis (Z). 

The Lagrangian strain components of ess, enn, exn 
and esn may be ignored due to the assumptions 3 and 4: 

(4) 

The other components can be written in terms of 
the displacement components at the centroid 0 as 
follows: 

exx = u; - (v~'y + w~'z) + t[ (u;) 2 + (v; ) 2 + (w; ) 2
] 
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1 ("' II A. I I + 2 I 11 )- 1 ( 11 2 - 2 "'o wo - "'o wo uo vo Y + 2 vo Y + w~'z) 

+ [(v~'sinS - w~'cosS) - ¢~'i'nln (5) 

- v; sinS) - u; (v; cosS + w; sinS)] (1 - n/R)- 1 

(6) 

where 6 is the angle between y-axis and t-axis which 
is the tangent at C to the curvilinear coordinates s; 
R is the radius of curvature of the wall in the di
rection n; and rs and rn are given by the following 
expressions: 

i's = ysinS - zcosS, i'n = ycosS + zsinS (7) 

According to the assumption of thinness of a wall, 
the nonlinear terms with respect to the n-axis are 
ignored in equations 5 and 6. 

Stresses of Thin Wall 

By virtue of the assumptions 3 and 4 about beam 
theory and thin-shell theory, respectively, only two 
strain components of equations 5 and 6 will be con
sidered in the nonlinear analysis of a thin-walled 
member and are expressed by the notations € and y, 
respectively. 

Let the stress components corresponding to the 
above strains be cr and T, the incremental stress
strain relations are expressed as follows: 

(8) 

where the notation 6 indicates the increments and D1 , 

D2 and D3 are given for elastic materials with 
Young's modulus E and shear modulus G 

(9) 

and for plastic materials under the assumptions 6 and 
7 (§) 

-3 EGcrT /Do' Do 

EGo 2 /Do, 

Ecr 2 + 9GT 2
• l (10) 

To take into account the spreading of plastic 
region in a member in the directions x and s in the 
elasto-plastic analysis of framed structures, a thin
walled member is divided into many small elements as 
shown in Figure 2. 

Figure 2. Elements of box beam. 

n 
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The incremental strain components in plastic 
regions have a combined effect as expressed by equa
tions 8 and 10. For a thin-walled beam of closed 
cross section, the incremental shearing stress is 
obtained by using the shear flow theory which assumes 
a constant shear flow q in the closed cross section. 

The nonlinear terms of the incremental shearing 
strain may be negligible and a thin-walled beam is 
assumed to have a box section. Then, the following 
expression is given by substituting the increments of 
strain components into equation 8 and by applying 
linear integration along the closed middle line of 
the cross section of an elasto-plastic member: 

f 6T ds = 6 ¢~ fD 2 rsds + fp D36e:ds 

where fp implies the integration with respect to 
plastic regions in the closed cross section. 

(11) 

Let the thickness of a thin wall be t, the incre
mental shear flow 6q is given by 

6q = t 6T , (12) 

so that the incremental stress 6Tj of the j-th element 
can be obtained by rewriting equation 11 as follows: 

~ (03 ll.e:6s)p 1 

~ ( ll.s/c}k tj 
(13) 

where f and ~ indicate the sunnnation over all elements 

and over plastic elements alone in a cross section, 
respectively. 

Equilibrium Equations 

Equilibrium equations of an elastic or an elasto
plastic member are formularized by the usual matrix 
method based on the principle of virtual work. 

The equations are expressed in terms of matrices 
as follows: 

6p - (f - p) (14) 

where 6k, 6d, 6p, p and f are the tangential stiffness 
martix, the incremental displacement vector, the 
incremental load vector, the total load vector and 
the internal force vector, respectively. 

The matrix 6k and the vector f can be divided 
into two parts as shown in the following expressions, 
respectively: 

6k = k* - l: kp 
i i 

f f* - L:f P 
i i 

(15) 

where the matrix k* and the vector f* are defined for 
an elastic member or for an elasto-plastic member, 
of which all elements are assumed to be elastic, and 

k~ and f~ are defined for the i-th plastic or unloaded 
element and respectively equal to a zero matrix and 
a zero vector for an elastic element. p p 

k* and f* are formularized and also ki and fi are 
calculated not by a numerical integration but by an 
analytical procedure, so that the computation may be 
very quick and the numerical solutions may be accurate. 

Numerical Procedure 

In the numerical analysis, the mixed method of 
combined Newton-Raphson method with an incremental 
load or displacement method is used in an elastic 
range. The increments of external loads or of a com
ponent of displacements at a nodal point to control 

the numerical calculation, are decided automatically 
in the program so that a few elastic elements in the 
whole members may yield. Since these increments will 
be very small quantities, modified incremental method 
with equilibrium check is used instead of the mixed 
method in an elasto-plastic range. 

The maximum load of a structure is defined by the 
condition that a structure becomes unstable when the 
tangential stiffness matrix of the system turns to a 
negative definite matrix. 

Structural Models 

Dimensions 

Ohmishima Bridge is a stiffening two-hinged solid 
rib arch as shown in Figure 3, and its overall rigidi
ty is increased by fixing both side ties to each 
abutment at both side spans. Namely, the arch ribs 
may be considered to be elastically supported at 
about one-sixth points of the arch span by triangular 
frames consisting of an arch rib, a side tie and an 
abutment. Therefore, the bending moments in the arch 
ribs can be reduced and improved structural behaviors 
may be expected at this modified two-hinged arch 
bridge as if the span length were shortened to two
thirds. 

Sectional dimensions of the arch ribs and the 
other members are shown in Figure 4. 

Figure 3. General pictures of Ohmishima Bridge. 
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Analytical Models 

For a model arch used for in-plane and out-of-plane 
analyses and elastic and elasto-plastic analyses, the 
same dimensions as the design of Ohmishima Bridge are 
used including the condition of supports, the arrange
ment of expansion joints, the rigidities of members, 
etc .. To make the calculation simpler, the rigidity 
of concrete-encased steel grating floor is neglected, 
eight stringers are replaced by one equivalent string
er, and the arrangement of lateral bracing members 
between two arch ribs is partly changed. As the re
sult, the model is provided with 139 nodal points and 
340 members and is constrainted with 52 degrees of 
freedom. 

In addition to this Model-1, Model- 2 is investi
gated, too, in which either of two side ties is not 
fixed to the abutment, but supported by a sliding shoe 
so that the tie is not subjected to any axial force. 
Moreover, Model-3 with an assumed initial imperfection 
due to the error of shape in Model-1 is employed in 
the in-plane ultimate strength analysis. 

Applied Loads 

In the in-plane analysis, the dead load(D), the 
live load(L) consisting of uniform load(p) and trailer 
truck load(TT), both including impact, and the earth
quake load(EQ) with the horizontal seismic coefficient 
of 0.2, are applied at numerical analyses. In the 
out-of-plane analysis, the dead load, the horizontal 
earthquake load and wind load(W) are employed. 

The intensities of the specific loads like elastic 
buckling load or ultimate strength load are expressed 
by a load multiple, a , considering design loads as 
standard loads, of which the intensities are given in 
Table l(~_). 

Table 1 . I ntensities of design loads. 

Design load Intensity Loaded member (kN/m) 

Dead load 43.5 arch rib 
94.8 center or side tie (D) 
84.8 stringer 

Li ve load (p) 20.9 stringer 
(L) (TT) 765.0 (kN) stringer 

Earthquake load 8. 7 arch rib 
19.0 center or side tie (EQ) 17.0 stringer 

Wind load 19.9 arch rib 
13.0 center or side tie (W) 3.2 post 

Note: 1 kN • 0.225 kip. 1 kN/m 68.5 lbf/ft . 

Geometrical Nonli near ity due to In-Plane Loads 

Influence Values 

To examine the nonlinearity due to live loads, 
the following five kinds of influence values are con
sidered: 

1. An ordinary linear influence value for a unit 
concentrated load. 

2. A linearized influence value for a concentrat
ed live load(TT-Load) obtained by a tangential stiff
ness matrix at the loading of dead loads. 
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3. A nonlinear influence value of the exact so
lution for the value of 2. 

4. A linearized influence value for TT-Load 
obtained by a tangential stiffness matrix at the load
ing of dead and half-span uniform live loads . 

5. A nonlinear influence value of the exac t so
lution for the value of 4. 

At the computation of the values of 2 to 5, the 
exact equilibrium state is obtained for dead loads or 
plus a uniform live load with the intensities of the 
design loads. Then, these influence values are calcu
lated not for a unit load, but for TT-Load as a moving 
concentrated load. At this time , the removal of the 
linearized errors is tried for bending moments or 
stresses with the values of 2 and 4. 

Nonlinearity due to TT-Load 

Figure 5 shows the maximum values of deflections 
due to a trailer truck load(TT-Load) for Model-1. 
Figure 6 shows the minimum values of fiber stresses 
due to TT-Load at the upper and lower flanges for 
Model-1. Since the linearized influence values of 2 
and 4 agree with the values of 3 and 5, respectively, 
they are not shown in the figures. Those figures 
indicate clearly the favourable effect of the side 
ties on the deflections and stresses . 

Figure 5. Maximum deflections due to TT-Load. 
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flanges due to TT-Load. 
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For the maximum or minimum values of deflection o, 
bending moment M and fiber stresses Ou and cri in the 
upper and lower flanges respectively, due to a concen
trated TT-Load, the increase ratios of the linearized 
or the nonlinear values of 2 - 5 to the linear value 
of 1 are shown in percent on the uppermost column in 
Table 2. 
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Table 2. Geometrical nonlinearities of various influ
ence values. 

Solution I max 6 maxM minM min oi 

Nonlinearity due to TT-Load (%) 

2 25.4 18.8 22.8 17.3 17.0 
3 26.4 19.2 22.5 17.8 18.7 
4 30.1 21. 3 26.3 19.5 19.6 
5 31. 3 21. 7 25 . 8 20.0 21.4 

Nonlinearity due to dead and live loads (%) 

2 6 . 6 13 . 4 10.6 4. 1 2.2 
3 6. 9 13. 7 10. 4 4.3 2.4 
4 13. 5 22 . 5 18.9 8 . 8 5.8 
5 13 . 7 22 . 7 18.8 8 .8 6.0 

Since each value shows about 20 - 30% nonlineari
ty, the linear values cannot be applied to the ana
lysis of the arch. But it may not be required to 
perform the exact nonlinear calculation for the con
centrated live load, as far as the linearized values 
with 1 - 2% errors are used. When the nonlinear 
effect due to a uniform live load is taken into ac
count, too, the increase of nonlinearity due to TT
Load is about 5% in deflections and about 2- 3% in 
stresses in comparison of the values of 2 with 4 or 
the values of 3 with 5. 

Nonlinearity due to Dead and Live Loads 

Large stresses due to dead loads are observed at 
a solid rib arch and more than 50% of the stresses 
are almost axial stresses without nonlinearity. 
Therefore, nonlinearities due to the dead load plus 
the live load are indicated on the 2nd column in 
Table 2, in which the values of 5 give the exact non
linear effects due to the dead and live loads at 
Ohmishima Bridge. 

Influence Line Analysis 

In case that geometrical nonlinearity due to live 
loads appears at a structure subjected to dead load, 
an influence line analysis based on the law of super
position cannot be strictly applied to its analysis. 
Then, an influence line analysis with the above
mentioned influence values of 2 or 3 is applied to 
the analysis of Model-1. 

Table 3. Errors of influence line analysis. 

Solution I max 6 I maxM I minM I minou min oi 

Error due to superposition (%) 

2 

I 
-2 . 2 

I 
-2. 0 

I 
-1.2 

I 
-1. 8 -2 . 2 

3 -1.3 -1. 3 -1. 2 -1.1 -0 . 9 

Error of influence line analysis (%) 

2 -1.6 -2. 0 -1. 3 - 0 .9 -0.9 
3 - 1.l - 1. 5 -1.4 -0. 6 -0 . 5 

The value of the uppermost column in Table 3 
indicate errors due to the application of the super
position law to the influence analyses of the arch 

subjected to a uniform live load(p), in terms of the 
relative errors against the exact values due to the 
uniform live load. 

Furthermore, the errors for the values due to the 
dead and the uniform live loads are shown on the 2nd 
column in the table. 

The negative signs on the both columns mean un
favorable values. 

Effect of Side Ties on Elastic Stability 

Load versus displacement curves obtained by a 
buckling analysis and by an exact finite displacement 
analysis are given in Figure 7 for the in-plane 
elastic stability of Model-1 and Model-2 in which the 
stiffening effect of one of the side ties is neglect
ed. The vertical axis shows load multiples for dead 
plus live loads and the horizontal axis shows the 
maximum deflections, both at the nodal point No. 10. 

As illustrated in Figure 7, a dynamic jump does 
not occur at the both models owing to the stiffening 
effect of the side ties. The comparison between 
Model-! and Model-2 shows that the ties have an effect 
on the constraint of geometrical nonlinearity of the 
arch. Particularly, the side ties are effective 
against a seismic load, because the nonlinearity of 
bending moments due to the dead load plus the seismic 
load is only 15 - 17% at Model-1, while 60 - 70% at 
Model-2. 

Figure 8 indicates the first mode of buckling due 
to dead load for Model-1 and -2, in which the left 
side tie alone is fixed to the abutment. In the 
fi g1rri;>, the vertical and horizontal axe11 11how r11lativ11 
displacements and nodal point Noe., respectively. 

Figure 7. Load ve rsus displacement curves for dead 
and live loads a (D + L). 
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Geometrical Nonlinearity due to Out-of-Plane Loads 

Geometrical Nonlinearity 

There have been few study reports on the nonlinear 
behavior of an arch bridge subjected to an out-of
plane load. In Table 4, the geometrical nonlineariti
es in displacements and internal forces in arch ribs 
due to design loads calculated by a three-dimensional 
finite displacement analysis for Model-1 of Ohmishima 
Bridge, are shown in percent of the linear values. 
Model-1* in the table is a model arch taking into 
account the in-plane and out-of-plane rigidities of 
slab. V and W are respectively vertical and horizon
tal displacements, N is axial force, and Mt, M ; M2 
are respectively torsional, in-plane, out-of-p1ane 
bending moments. It can be seen in Table 4, that the 
nonlinearities appear even at the design loads, par
ticularly remarkably in the in-plane moments . 

Table 4. Geometrical nonlinearities due to out-of
plane loads. (%) 

Model Load max V max W max N maxi Mt I maxi My I maxi Mz I 

EQ 5. 7 8.2 3.0 8.6 17.8 10.4 
D + EQ 5.6 3.2 1.1 4.8 16.0 9.9 

1 
w 4.9 8. 7 3.2 7.2 16.1 6.9 

D+W 4.9 3.4 1.1 4.5 8.8 6.9 

EQ 4.9 6.3 2.6 5.2 15 . 7 1. 2 
D + EQ 4.8 2. 7 0.8 3.0 8 . 2 1. 2 

l* 
w 4.3 7.5 3.0 4.5 14 .5 5.8 

D+ W 4.3 2.9 0.9 2.8 7. 7 5.9 

The comparison between the values for Model-1 and 
Model-1* shows that, if the rigidit y of the slab is 
considered at the calculations, the nonlinearities 
will be reduced considerably, but the axial force in 
side ties will increase about 50%. 

Elastic Buckling 

To examine the out-of-plane stability of Model-1 
and -2, a three-dimensional buckling analysis is 
carried out. The results are summarized in Table 5 in 
terms of <Xcr values which are load multiples based on 
the intensity of design dead load. Model-1* and -2* 
denote the cases that the slab rigidities are taken 
into account, respectively for Model-1 and -2. In 
Table 5, the third mode of buckling of Model-1 and -1* 
alone is related to the out-of-plane buckling, and 
all of the other modes are to the in-plane buckling. 
Since, at ordinary rib arches, the first mode appears 
at the in-plane buckling and the second mode appears 
at the out-of-plane buckling, a solid-rib arch with 
side ties shows different behavior from the ordinary 
solid-rib arch at the higher order of buckling mode. 

Table 5. Load multiples for out-of-plane buckling. 

Model 1st mode 2nd mode 3rd mode 

l 4.833 7.664 9.580 
l* 5.215 8.243 9.914 

2 2.677 5. 097 8.153 
2* 2.899 5.511 8 . 692 
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Ultimate Strength in In-Plane Loading 

Ultimate Strength Analysis 

By an elasto-plastic finite displacement analysis 
with a matrix method, the ultimate strength is calcu
lated for the models of which an arch rib is divided 
into 832 elements. To discuss the characteristics in 
the ultimate state, six combined loads are applied as 
shown in Table 6. The inelastic behaviors are pursu
ed in the numerical calculation until the unstable 
state. The yielding loads and the maximum loads ob
tained by the calculation are summarized in Table 6 
in terms of load multiples Cly and etmax. respectively. 

Table 6 . Load multiples for yielding and maximum 
loads. 

<XO a (D + L) D + a L 
Model 

<Xy <Xmax Cly °'max Cly <Xmax 

1 2.964 3 . 012 1. 787 1.929 3.261 4.354 
2 2.118 2.118 1. 434 1. 487 2.222 2. 764 

3 c10-•) 2.869 2.923 1. 760 1.903 3. 215 4.307 
3 (10 -3 ) 2. 359 2.424 1.560 1. 714 2. 821 3.901 

a (D + EQ) D + a EQ 1.3D+aEQ 
Model 

<Xy <Xmax Cly °'max Cly <Xmax 

1 2.328 2.656 2.378 4.609 2. 372 4.364 
2 1.412 1. 528 2.161 2.432 1.618 2.135 

1* 2.690 2. 723 4.199 6.050 4.120 4.737 
2* 1. 412 1. 528 2.217 2.970 1. 618 2.192 

The values in the parentheses of Model-3 with an 
assumed initial imperfection, indicate the ratio of 
the maximum initial imperfection to the span length. 
The initial imperfections are determined from the 
buckling mode shown in Figure 8, which may be the 
most unfavorable mode under a uniform load. Model-1* 
and -2* are modification of Model-1 and -2, respec
tively, in which the same steel of SM58 as the arch 
rib is used for ties, while at the actual bridge , 
SM50Y and SS41 are used for the ties. SM58, SM50Y 
and SS41 are structural steels specified at the 
Japanese Industrial Standards, respectively with the 
specified yielding point of 451, 353, 235 MPa (65.4, 
51.2, 34.l kipf/in ~), and the specified minimum 
tensile strength of 569, 490, 402 MPa (82.5, 71.1, 
58.3 kipf/in~). 

Characteristic in Ultimate State 

The comparison between the values for Model-1 and 
those for Model-2 in Table 6 proves the effectiveness 
of the side ties. If the arch is not provided with 
the both side ties, the arch will fail due to its 
elastic instability at a little greater load than the 
design dead load. The maximum values of initial im
perfections used for the calculations are 1/1000 and 
1/10000 of the span length corresponding to the 
amount of actual deflections of about 30 cm and 3 cm, 
respectively. Ohmishima Bridge will exhibit the 
amount of unavoidable initial imperfection between 
the both values. Table 6 shows that the reduction of 
ultimate strength due to the initial imperfections 
will be 2 to 3% for the case of 1/10000 and 10 to 11% 
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for the case of 1/1000, and also it will be 20% for 
the dead load alone. Therefore, the effect of initial 
imperfections on the ultimate strength of the actual 
bridge would be several percent and is much smaller 
than the one for an ordinary two-hinged solid-rib 
arch without side ties. 

The typical relations between maximum deflections 
and various loadings are shown in Figures 9 and 10 at 
the nodal point No. 10. Elastic displacement curves 
by a finite displacement analysis and by a linear 
analysis as well as load versus displacement curves 
obtained by an elasto-plastic analysis, are presented 
in the figures. The figures show that any sudden 
instability after the maximum load does not occur for 
any Models. When the Models are subjected to a seis
mic load as well as the dead load, the first yielding 
is observed at ties. Therefore, at Model-1* and -2* 
which have ties in a steel of higher yielding point, 
the ultimate strength may be relatively larger depend
ing on the loading, as proved in Table 6 and Figure 
10. 

Figure 9. Dead and live loads versus displacements 
(D +a L). 
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Figure 10. Dead and seismic loads versus displace
ments (D +a EQ). 
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Figures 11 and 12 present the spreading of plastic 
zone at the maximum load, but the members in which a 
plastic zone does not appear are omitted in the 
figures. In all of the loading cases, the arch rib 
fails due to its partial plastification, and particu
larly at Model-2, the arch rib fails without spread
ing of plastic zone after the yielding load has been 
reached. 

Figure 11. Plastification due to dead load only (aD). 
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Figure 12. Plastification due to dead load plus 
seismic load (D +a EQ). 
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Ultimate Str,ength b Out-of-Plane Loading 

At an elasto-plastic spatial analysis, the arch 
of Model-1 is divided into about 6000 elements and 
in addition to the dead load, wind load is applied to 
the arch rib, because it is dominant among possible 
out-of-plane loads. 

Two kinds of ultimate strength are calculated, 
as shown in Table 7, in terms of the load multiple, 
a, for the maximum wind load. The comparison of 
Case-1 with Case-2 shows that 30% increase of the 
dead load, D, reduces slightly the strength for the 
wind load, W, because the model arch has a great in
plane strength for the dead load as shown in Table 6. 

Table 7. Out-of-plane ultimate strength. 

Loading Case - 1 
(1. 0 D +a W) 

3.240 

Case - 2 
(1. 3 D +a W) 

3.110 

The relations between loads and out-of-plane dis
placements are given in Figure 13, in which the Nos. 
on the curves denote the nodal points of the leeward 
rib. The out-of-plane displacements at the nodal 
points of 31 and 33 differ about 2.5 times, although 
an interval between the both points is only two panel 
length. This difference is proper to an arch with 
side ties, because they constraint the out-of-plane 
displacements of arch ribs in side spans. Figure 15 
which shows the out-of-plane displacements of arch 
ribs and ties, too, demonstrates clearly the ef fec
tiveness of the side ties. 



Figure 13. Load versus displacement curves . 
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Figure 14. Load versus out-of-plane moment curves. 
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Figure 14 indicates the relations of loads versus 
out-of-plane bending moments, Ma , at nodal point No. 
31, at which the arch rib takes the maximum bending 
moment. The curves of out-of-plane bending moments 
in the rib do not show any remarkable nonlinear i t y as 
seen in Figure 14. Also, the nonlinearities in bend
ing moments at the other sect i ons are much smaller 
than those in displacements. The reason for these 
small nonlinearities in bending momments may be that, 
when the wind load reaches about 2.8 times as large 
as the design value, lateral braces between the arch 
ribs in the neighbourhood of the portal frames will 
yield and then the rapid displacements of the ribs 
will occur. Also, at the loading of CJ." 3.0, all of 
the sections of a great part of the side ties, too, 
yield, but at this time the greater parts of the r i bs 
remain to be elastic. 

Figure 15. Out-of-plane displacement distribution in 
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Figure 16 . Axial force distribution in arch rib for 
( 0 + a W) . 
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Figure 17. In-plane moment distribution in arch rib 
for (D +CJ. W). 
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Figure 18. Out-of-plane moment distribution in arch 
rib for (D + rt W) . 
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At the model arch with the dimensions of Ohmishima 
Bridge, the structure reaches its unstable state due 
to the yielding of side ties and lateral braces 
around the portal frames. The plastification of the 
members at the maximum load is illustrated in Figure 
19, but considerable portions of the members still 
remain ta be elastic . All of the braces in the both 
side spans at floor systems not shown in Figure 19 
will yield. If the plastic buckling of lateral 
braces between the ribs around the portal frames is 
taken into consideration in the numerical calcula
tions, the values of Omax in Table 7 will be reduced 
to about 2.5. 

f 1 
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Figure 19. Plaetification of members at maximum load 
for (D +a W). 
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Finally, it should be added that experimental 
studies were carried out at Osaka University(2), and 
that six models in steel of a reduced scale of 1/49.5 
for Ohmishima Bridge were tested to examine the in
plane and out-of-plane elasto-plastic behaviors and 
the ultimate strength. As the result, the ultimate 
strengths of the models by the theoretical analysis 
presented in this paper were verified quite well with 
1 - 4% errors in comparison with the experimental 
values. 

Conclusions 

The theoretical and experimental analyses of two
hinged solid-rib steel arches stiffened by side ties 
modelling Ohmishima Bridge with the span length of 
297m, reveal the following structural character
istics: 

1. The stiffening effects of side ties under in
plane loads are so remarkable that they can reduce 
the bending moments in arch ribs and also can con
straint the geometrical nonlinearities of the arch, 
resulting in an increase of the load-carrying capaci
ty of the overall structure. 

2. Since the side ties can constraint the out
of-plane displacements of the arch ribs, they can in
crease the overall ultimate strength under out-of
plane loads. 

3. Since it results that the span length of the 
arch rib has been shortened in appearance by the help 
of side ties, this new type of two-hinged arch will 
be more suitable for long-span arch bridges. 
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BRIDGE DESIGN BY THE AUTOSTRESS METHOD 

Phillip s. Carskaddan and Geerhard Haaijer, United States Steel Corporation 

The Autostress method has been evolving as 
an extension to the AASHTO Load-Factor 
method for rolled-beam and plate-girder 
steel highway bridges. The Autostress 
method uses the same three load levels as 
the Load-Factor method: Service Load, 
overload, and Maximum Load. However, to 
satisfy the structural performance require
ments, the Autostress method injects two new 
concepts into bridge design: mechanism 
formation at Maximum Load and shakedown at 
Overload. When a structure forms a mechanism, 
there are sufficient plastic hinges to cause 
failure. When a structure shakes down, 
residual stresses and residual moments are 
automatically developed and assure elastic 
behavior under subsequent loading~hence the 
term Autostress. Although results of both 
methods for a simple span are the same, the 
Autostress method provides economies in 
continuous-span bridges; it utilizes the 
same safety factor against mechanism forma
tion in both simple-span and continuous-span 
bridges. In contrast, the Load-Factor 
method uses a higher safety factor in 
continuous-span bridges than in simple-span 
bridges. As part of an AISI-sponsored 
project, nine Load-Factor bridges were 
redesigned according to the Autostress 
method; the average cost saving was 10.7 per
cent. The objective of the AISI project is 
to suggest that the Autostress method be 
incorporated into the AASHTO specification 
after experimental verification. 

During the initial few passages of a suffi
ciently heavy load, a structure designed according 
to the Autostress-Design method will develop 
autostresses and automoments caused by local 
plastic deformations. During subsequent passages 
of a similar load, these automoments will assure 
elastic behavior. Automoments are analogous to 

the moments induced in a concrete beam by pre
stressing operations; the main difference from 
concrete prestressing is that a continuous steel 
beam requires no tendons and develops the required 
automoments automatically~hence the name Auto
stress Design. 

The Autostress-Design (ASD) method was 
initially conceived(_!) to utilize the ability of 
a redundant steel structure to shake down~that 
is, to develop automoments, which permit subsequent 
elastic behavior. In applying the shakedown 
principle to bridge design, a related principle~ 
mechanism formation~was also introduced into 
the ASD method. Today, the ASD method is an 
extension of the Load-Factor-Design (LFD) 
method. The American Iron and Steel Institute 
(AISI) , believing that ASD could be fruitfully 
applied to highway-bridge design, sponsored 
Project 188, "Autostress Design of Highway 
Bridges." This paper will review the progress 
of AISI Project 188: the loadings, the limit
state criteria, some sample designs, and the 
proposed future work. These topics are more 
completely discussed in two available 
reports. ( ~' ]) 

Loadings and Limit States 

Loadings 

The current AASHTO specification(!) permits 
use of the LFD method. The LFD method approximates 
the actual behavior of bridges more closely than 
the Working-Stress-Design method that was pre
viously used for all bridges. As the name 
suggests, LFD applies factors to the loadings; 
the two main bridge-load types are dead load, D, 
and service live load plus impact, L+I. By 
applying factors individually to dead and live 
loads, a more uniform safety margin for live 
loads is achieved among different span lengths 
because the ratio of D/(L+I) varies with span 
length. 

255 



256 

The LFD method specifies three levels of 
loading~Service Load, overload, and Maximum 
Load~and each load level is associated with 
appropriate load factors. The second column of 
Table l lists these three load levels in order 
of increasing load. The third column of Table l 
lists for each load level a structural performance 
requirement, which is a brief verbal description 
of the performance required of a bridge at that 
load level. 

standard vehicles plus nominal dead load are 
applied at service Load; for this condition a 
bridge should have adequate fatigue life, control
led elastic response to live loads, and limited 
concrete-deck cracking. Occasional permit 
vehicles, specified by AASHTO as having 5/3 
times the weight of a Service-Load vehicle 
weight, plus nominal dead load are applied at 
Overload; a bridge should have a riding quality 
not rendered objectionable due to permanent 
deformations caused by yielding. A few emergency 
passages of exceptionally heavy vehicles, specified 
by AASHTO as having 1.3 times the weight of an 
Overload vehicle, plus a 30 percent increase in 
dead load are applied at Maximum Load; a bridge 
must support these loads although significant 
permanent damage may result. 

The ASD method is applicable to the same 
three load levels as those specified by AASHTO 
in the LFD method. However, the ASD method may 
also be used for different load-level magnitudes 
that more closely represent the loadings of a 
particular situation, such as on a restricted 
route subjected to heavier-than-normal loadings. 

Limit States 

A limit-state criterion is a constraint that 
assures a desired structural performance. In 
Table l are listed, for each associated load 
level, the LFD and ASD limit-state criteria. 
The criteria for both methods are intended to 
satisfy the same structural performance require
ments; these criteria are discussed and compared 
below for each load level. Although only certain 
criteria will govern a design, all criteria must 
be checked because the governing criteria may 
not be predictable. Thus, an acceptable design 
must satisfy all the limit-state criteria 
associated with the design method. 

Service Load. The same limit-state criteria 
are used for LFD and ASD to satisfy fatigue and 
live-load response requirements; for fatigue the 
stress ranges cannot exceed values based on 
loading cycles and type of detail, and for live
load response the elastic live-load deflection 
is usually limited to some fraction of the span 
length. Automoments do not affect live-load 
stress ranges or elastic deflections. The 
structural-performance requirement for limited 
concrete-deck cracking is shown parenthetically 
in Table l to indicate that such a requirement 
is not explicitly required in the LFD method. 
However, as will be discussed under Overload, a 
control on maximum crack width is desired in the 

ASD method. Thus, AASHTO Equation 6-30, which 
is under the concrete LFD portion of the specifi
cation, (4) is invoked. This equation ensures a 
limit on the maximum crack width by setting the 
allowable rebar stress as a function of the 
rebar distribution; generally, many small bars 
permit a higher allowable rebar stress than do a 
few large bars. 

overload. The Overload structural
performance requirement~control of permanent 
deformations~deals only with serviceability; 
safety is not considered. The LFD method 
controls permanent deformations by limiting a 
flange stress due to negative moment to 0.80FY, 
where FY is the flange yield strength, and by 
limiting a flange stress due to positive moment 
to 0.95FY for composite sections and O.SOFY for 
noncomposite sections. If certain compactness 
requirements are met in a continuous-span bridge, 
the LFD method permits ten percent of the negative 
pier moment to be redistributed prior to making 
the stress calculations; the actual moments are 
generally below the yield moment. 

The ASD method controls permanent deformations 
by permitting a continuous-span bridge to shake 
down~that is, to undergo small plastic deforma
tions at a pier that will stabilize after a few 
cycles. These plastic deformations normally 
occur only in the flange outer f ibers~they do 
not create a plastic hinge. After a bridge has 
shaken down, it will respond elastically to all 
subsequent loads not exceeding the Overload. In 
contrast, a structure that is repeatedly loaded 
above the shakedown load will fail by incremental 
collapse: ever increasing deflections caused by 
increments of plastic deformation in the same 
direction.(~) However, the greatest load at 
which a bridge will shake down~the shakedown 
load~would create deformations objectionable to 
riding quality. A bridge will shake down at any 
load less than the shakedown load, and the 
permanent deformation increases as the load 
approaches the shakedown load. Thus, the ASD 
method imposes additional limit states that keep 
the maximum Overload below the shakedown load. 
As a result, the interior-pier negative moment 
is usually above the yield moment but below the 
plastic moment~although this is not a limit
state criterion. 

In the process of shaking down, a continuous 
structure develops a set of residual forces and 
moments, as shown in Figure.l, which are in 
equilibrium when the structure is unloaded, 
These moments, termed automoments because they 
are automatically developed, ensure that the 
structure remains elastic when subjected to 
Overload and may be considered as a modification 
of the dead-load moments; for a two-span bridge 
the automoment reduces the pier dead-load moment. 
Automoments are determined as the difference 
between the yielded moment distribution and the 
elastic unloading Overload moment. (1_) The 
AASHTO Specification provisions for hybrid beams 
implicitly recognize the beneficial effect of 
autostresses in assuring elastic behavior after 
initial local plastic deformations caused by 
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Table l. Comparison o( Load Factor Design and Autostress Design 
(Rolled-beam and plate-girder bridges supporting HS20 or H20 loading) 

Load Factor Design Limit-State Structural Performance 
Criteria (Compact Section) Load Level Requirement Autos tress Design Limit-State Criteria 

Stress ranges shall be less Service Load Provide adequate fatigue Stress ranges shall be less than cate-
than categorized limits. [D + (L+I)] life, control elasti.:: 2orized limits. 
Live-load deflection shall be (standard live-load deflections, Live-load deflection shall be less than 
less than a rational amount. vehicles) (and limit concrete a rational amount. 

cracking) • Rebar allowable stress shall be based on 
the rebar distribution within the slab. 

Stresses due to positive and Overload Control permanent A bridge shall shake down, that is, 
negative moments shall be less [D + 5/3 (L+I)] deformations that reach a condition in which further 
than a percentage of the yield (occasional otherwise could create loadings cause no further yielding. 
stress; a 10% redistribution permit objectionable riding Automoments may develop. 
of elastic moments in con- vehicles) quality. Inelastic rotation at an interior 
tinuous spans is permitted. support due to an automoment shall be 

less than a certain angle. 
Stresses due to positive moment~ 
applied moment plus automoment~hall 
be less than a percentage of the 
yield stress. 
Rebar yielding at interior supports 
shall be minimized by using 414 MPa 
(60 ksi) rebars and unshared con-
struction. 

The moment at any cross Maximum Load Resist loads that may A mechanism shall not form; consider 
section shall not exceed the l.3[D + cause significant uplift. 
plastic moment capacity; a 5/3(L+I)] permanent damage. At plastic hinges, except the last to 
10'15 redistribution of elastic (few emergency form, the following shall be limited: 
moments in continuous spans passages of a. compression-flange width/thickness 
is permitted. exceptionally b. compression-flange slenderness 
Criteria related to the heavy c. web depth/thickness 
following parameters shall vehicles plus d. shearing force 
be used to assure that the additional e. cross-section distortion (add a 
plastic moment can be reached. dead load) stiffener) 
a. compression-flange width/ Away from plastic ·hinges, the members 

thickness shall be able to transmit the moments 
b. compression-flange and shears. 

slenderness No additional load shall be 
c. web depth/thickness permitted when a hinge forms in 
d. shearing force positive bending. 
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Figure l. Typical automoment diagram for a two
span bridge. 
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local web yielding. Although the ASD method may 
consider automoments to meet the Overload 
performance requirements, the bridge may never 
experience automoments unless the loading is 
sufficiently heavy; such behavior is acceptable. 

~n r.ontrol permanent deformation at • pier 
due to the automoment, inelastic rotation, shown 
in Figure 1, shall not exceed the tolerance to 
which the slab is constructed: about 3 mm 
(1 / 8 in.) in 3 m (lO ft). The angle caused by 
inelastic rotation is easily computed; for a 
two-span bridge, as shown in Figure l, the 
inelastic-rotation angle equals the end rotation 
of a simple beam with the indicated end moment 
of RL. If this were a composite bridge, the 
composite steel-concrete moment of inertia 
should be used since the automoment is positive 
along the entire span. The deflection in the 
span due to this inelastic rotation is small and 
may be included in the dead-load camber. 

Permanent deformation caused by yielding in 
regions of positive bending is not directly 
controlled. Instead, stresses are controlled by 
the same limit state as that used in the LFD 
method for two reasons: one is that a better 
criterion is not known ·because small amounts of 
yielding in positive bending may create significant 
deformations; the other is that the same Overload 
limit state governs for both methods in a 
simple-span bridge. 

During the development of an automoment, 
maximuit crack width in the concrete deck is 
better controlled if the rebars remain elastic. 
This may be achieved if 414 MPa (60 ksi) yield
strength rebars and unshored construction are 
used. In unshared construction, the dead-load 
stresses in the steel section are higher than 
those in the rebars because the steel section is 
subjected to the full dead load and the rebars 
are subjected to only the composite dead load. 
Thus, any yielding necessary to create the 
automoment will desirably occur entirely within 

the steel section and the rebars will remain 
elastic. rt this occurs, the rebar dead-load 
tensile stress will be reduced by the automoment. 

Maximum Load. The Maximum-Load structural 
performance requirement~load resistance~deals 
only with safety; serviceability is not considered, 
The LFD method requires the Maximum-Load moment 
at any section in a bridge to be below either 
the yield or the plastic moment. These moments 
are elastic moments with the same possible ten
percent redistribution as mentioned above for 
Overload. In the LFD method, a simple-span 
bridge with a compact section reaches its maximum 
carrying capacity when a plastic hinge forms 
near midspan. This hinge, together with the two 
true hinges at the supports, forms a mechanism 
and prevents additional loading. Plastic design 
is therefore permitted in LFD for simple spans. 

The plastic-design concept of mechanism 
formation permitted by the LFD method for simple
span bridges is extended to continuous-span 
bridges in the ASD method. In a two-span 
continuous beam a plastic hinge usually develops 
first at an interior pier, but this hinge is not 
sufficient to form a mechanism. Additional 
loading is required to cause a second plastic 
hinge at about midspan. The two plastic hinges, 
together with the true hinge at the exterior 
support, form a mechanism and prevent additional 
loading. During the formation of the second 
hinge, the interior-support plastic hinge must 
rotate inelastically at the plastic moment. To 
ensure that this inelastic rotation can occur 
while maintaini~g the plastic moment, the special 
limit-state criteria indicated in Table 1 are 
required. In general, these criteria are neces
sary at all plastic hinges except the last to 
form; at the last plastic hinge no inelastic 
rotation is required because the mechanism
formation limit state has been reached. The 
AISC specification(_§_) contains such plastic
hinge criteria, but since the amount of inelastic 
rotation required in a highway bridge is less 
than that required in a building, new, less 
restrictive plastic-hinge criteria are being 
developed for bridges. 

A designer must ensure that uplift of an end 
reaction does not occur during mechanism formation. 
A downward reaction may be required to satisfy 
equilibrium and to prevent the ends of the 
bridge from lifting off their supports. Field 
testing of a bridge showed that uplift may occur 
prior to ultimate load.(Z) 

Away from the plastic hinges, the moments 
and shears from Maximum Load must not exceed 
those permitted by the LFD method. Since the 
inelastic-rotation capacity of a composite 
section is not accurately known (because of 
possible concrete crushing) , (_§) an additional 
limit-state criterion is imposed: additional 
load shall not be permitted when a plastic hinge 
has formed in positive bending. This criterion 
will not govern the usual bridge. 



Oesiqn Study 

Ten bridges designed by the LFD method were 
redesigned according to the ASD method to deter
mine the relative weights and costs. The study(~) 
included rolled beams of constant and variable 
sections, a cover-plated rolled beam, plate 
girders, and composite and noncomposite bridges. 
Relative to the LFD method, the ASD method 
produced an average weight saving of 12.4 percent 
and an average cost saving of 10.7 percent. The 
relative cost savings are plotted versus span 
length in Figure 2. All bridges were two-span 
continuous designs except for Case D, which was 
a simple-span design, and Case F, which was a 
four-span continuous design. The three designs 
discussed below illustrate how a LFD bridge 
compares with an ASD bridge. 

Case A 

Figure 3 shows both the LFD and ASD bridges. 
The LFD bridge is a constant-section rolled beam 
with top and bottom cover plates at the pier . 
The ASD bridge uses the same section but the 
cover plates are eliminated. For comparison, 
the LFD bridge at the pier was designed as an 
unbraced section. The ten-percent moment re
distribution could not therefore be used and the 
beam size plus cover plates was governed by the 
Maximum-Load limit state. The ASD bridge at the 
pier is governed by the limit states of the 
inelastic rotation at Overload ; the rebar stress 
range for fatigue at Service Load; and the 

Figure 2. Autostress-design cost reductions. 
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Figure 3. Case A. 
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addition of lateral braces and a web stiffener 
because a plastic hinge occurs at Maximum Load. 
The automoment o f +108 kN-m (+80 kip-ft) causes 
a permanent dowr.ward deflection in the span of 
4 mm (0.15 in.). 

Case B 

LFD and ASD plate girders with unstiffened 
webs are shown in Figure 4. The ASD-bridge 
depth is about 5 percent below the LFD depth and 
requires a thicker web over the interior pier. 
Termination of this web plate was selected to 
keep the web splice outside of the short unbraced 
length and to keep the shearing stress in the 
thinner web below the allowable stress. The 
three cross frames in the positive-bending 
region of the LFD bridge were replaced by dia
phragms in the ASD bridge to satisfy the fatigue 
criterion. Cross frames are used near the 
interior pier to brace the bottom flange in 
compression; fatigue does not govern there. The 
ASD bridge was governed in positive bending by 
the Overload criteria; at the pier the bottom
flange size was dictated by local and lateral 
buckling requirements at Maximum Load and the 
top-flange area was dictated by rebar fatigue 
requirements at Service Load. 

Case c 

LFD and ASD variable-section rolled-beam 
designs are shown in Figure 5. The ASD bridge 
requires an additional brace on either side of 
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Figure 4. Case B. 
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Figure 5. Case c. 

the interior pier and a web stiffener at the 
interior pier. The ASD is mainly governed by 
the 0.95FY criterion at Overload in positive 
bending, although the inelastic pier rotation at 
Overload also exerts an effect on the design. 
The structural behavior is influenced by the 
relative size of the two beam sections because 
of the effect of stiffness on the moment distribu
tion and because of the automoments. It was 
better to add material over the pier because the 
negative-bending region is shorter than the 
positive-bending region. The large cost saving 
for the ASD bridge is partly due to the available 
rolled shapes; the W36 x 230 beam is the smallest 
section in that series and the next smaller 
beam, W36 x 194, is too small. The ASD bridge 
does not encounter this discontinuity in the 
range of beam sizes. 

Reason for ASD Benefits 

Although any bridge has peculiar aspects, 
certain generalizations indicate why an ASD 
bridge is usually more economical than a LFD 
bridge. The main reason is that by using t he 
principles of plastic design to compute the 
resistance at MaximUlll Load by mechanism formation, 
the size of the stringers is usually governed by 
Overload rather than MaximU111-Load criteria; 
Maximum-Load criteria may however d i ctate flange 
and web proportions at a hinge location. Thus, 
serviceability (Overload criteria) rather than 
safety (Maximum-Load criteria) governs many 
aspects of a design. Certain details may be 
controlled by fatigue. The Overload criteria 
for ASD provide benefits in the negative-bending 
region by eliminating the O.BOFY limitation used 
in LFD to control deformations. Instead, the 
deformations due to negative bending are limited 
directly in terms of the permissible inelastic 
rotation. In LFD the ten-percent redistribution 
in moment at Overload and Maximum Load is permitted 
if certain compactness criteria are met. This 
provision, however, does not provide the same 
benefits as ASD because the stresses due to 
negative bending after redistribution are limited 
to O.BOFY. 

In the positive-bending region of an ASD 
composite plate girder, the Maximum-Load positive 
moment is checked against the composite plastic 
moment in positive bending (MPP) • Since this 
section is usually the last hinge to form, it is 
not necessary for the section to have the ability 
of rotating at MPP. However, no criteria are 
available for a section to just reach MPP. The 
LFD compactness criteria are overconservative 
and uneconomical in this region because they 
provide the ability to rotate at MPP. The 
current LFD criteria for noncompact sections 
were used in this region because the neutral 
axis at MPP is near or within the deck slab. 
The entire steel section is thus in tension so 
that buckling due to the bending stresses is not 
a consideration. The web was considered capable 
of resisting the relatively low shear without 
buckling in this region. 



Future Work 

Before the ASD method can be suggested to 
AASHTO for incorporation into their specification, 
certain asswnptions must be subjected to additional 
investigation. Phase 3 of AISI Project 188 will 
therefore investigate, both theoretically and 
experimentally, the number of load cycles required 
for shakedown, the distribution of the inelastic 
rotation and concrete cracking .at Overload, 
compactness requirements, and lateral bracing 
for Maximwn Load (the latter two requirements, 
although contained in the AASHTO specification, 
may require modification for plastic design). 
Beyond Phase 3, a full-scale test subjected to 
actual truck loading is being planned. Development 
of criteria to assure that a composite plate 
girder can just reach MPP~particularly the 
limits on web slenderness~will require additional 
study and possibly testing. 

Conclusions 

The ASD method is an extension of the LFD 
method for' steel rolled-beam and plate-girder 
bridges. The intention of the ASD method is to 
permit a more rational design of a continuous
span bridge than the LFD method; the ASD limit
state criteria are more directly related to the 
structural performance requirements at the three 
factored load levels. An additional benefit of 
ASD is that the resistance to Maximwn Load is 
computed the same for simple and continuous 
spans~that is, by mechanism formation. Thus, 
the inherent strength of a continuous-span 
bridge can be based on the principles now used 
in LFD for a simple-span bridge. This is consistent 
with a goal of LFD to provide a uniform safety 
margin for live load among different bridges. 
ASD extends the principles of LFD toward this 
goal and results in weight and cost savings in 
the design of typical bridges. 
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It is Wlderstood that the material in this paper 
is intended for general information only and 
should not be used in relation to any specific 
application without independent examination and 
verification of its applicability and suitability 
by professionally qualified personnel. Those 
making use thereof or relying thereon asswne all 
risk and liability arising from such use or 
reliance. 
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ENVIRONMENTAL STRESSES IN FLEXIBLY SUPPORTED BRIDGES 

J. Leroy Hulsey, Assistant Professor of Civil Engineering, 
North Carolina State University 

Jack H. Emanuel, Professor of Civil Engineering, University of Missouri-Rolla 

At present, no rational design method is available 
to account for movements and stresses in com
posite-girder bridges supported by flexible stub 
abutments. Because flexible stub abutments are 
frequently used, the objectives of this study 
were to: 1) develop a method for calculating 
environmentally induced movamentll and .~tresses 

and 2) compare the magnitude of these stresses 
induced in three types of construction for a 11-
26-26-11-m (35-86-86-35-ft) four span six stringer 
composite-girder highway bridge located in mid
Missouri. Three types of support connections 
were investigated; 1) frictionless bearings, 
2) non-integral end bents, and 3) integral end 
bents. Twenty years of recorded weather data 
were used for selection of upper and lower bound 
environmental loadings. Using these loadings as 
boundary conditions to the general heat flow 
equation, a finite element method was used to 
calculate resultant temperature distributions 
within a typical interior girder. These temper
ature distributions were then used as input to a 
slab-beam type element for calculation of the 
thermally induced stresses within the girder. 
Restraints imposed by the substructure, i.e. the 
bridge piers and earth embanlanents were modeled 
by linear springs. The results show that ther
mally induced stresses are significant for all 
three types of construction. Maximum beam 
stresses for the three supports were approximately 
35%, 35%, and 52% of the allowable for friction
less bearings, non-integral abutments, integral 
abutments, respectively. 

Bridge structures experience longitudinal move
ments and induced stresses which change continuously 
with time. The magnitude of movements and stresses 
induced by weather exposures is a function of the 
temperature distribution within the structure, che 
temperature at time of erection, material properties, 
geometry, support conditions, and structure flex
ibility (g, 15). 

In conventional bridge design, expansive-con
tractive movements are generally assumed to be pro
vided for by frictionless expansion bearings and by 
bridge deck expansion devices. Field observations 
show that bearings and expansion devices seldom 
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function as anticipated. For example, Emanuel and 
Ekberg (5) reported numerous bridges with bearings 
that were tilted in the wrong direction, or frozen 
due to a build-up of grime, grit, and corrosion. 
They also reported a variety of problems associated 
with bridge deck expansion devices. mien a con
ventional composite-girder bridge superstructure 
is supported by a massive or v~ry stiff substructure, 
frozen bearings and/or inoperative expansion devices 
can cause excessive induced stresses. These 
stresses increase maintenance costs and lower the 
service life of the structure. 

To reduce maintenance costs, some engineers have 
suggested connecting the superstructure to a flex
ible substructure. An 84 percent response to a 
survey of 50 state highway departments and 5 govern
mental agencies (6) showed that 28 respondents had 
used or were using this type of construction. The 
survey also showed that engineers are interested in 
using this type of construction, if rational design 
criteria are available to account for induced 
stresses, 

Essentially, three types of superstructure to 
substructure connection details are being used by 
highway departments. Some states support the 
stringers on fixed rotational bearings which are 
attached to flexible piles at the abutments. This 
connection, commonly referred to as a '1non-integral 
abutment," transfers shear forces to the piles, 
Other states encase the stringers in a monothlic 
pile cap which is ref erred to as an "integral abut
ment." This detail resists rotation and is assumed 
to transfer both shear and moment to the piles. 
Still other states use a detail that lies between 
the above two and is called a "semi-integral abut
ment." If the substructure is flexible enough, 
induced stresses may be provided for in the original 
design. 

Although the composite-girder bridge super
structure supported by a flexible substructure 
appears to be a reasonable solution to the problem 
of a so-called maintenance free bridge, induced 
thermal stresses can present additional problems 
depending on structure length and substructure stiff
ness. Thus, the bridge engineer is faced with 
uncertainty as to the magnitude of stress induced 
by this type of construction and the behavior of the 
bridg-e over a period of ti.me. 

Previous studies of thermal and shrinkage 



stresses in composite-girder bridge decks have been 
limited to bridges resting on frictionless bearings 
(4, 7, 19). 
- Zederbaum in 1966 (lI) and 1969 (18) reviewed the 

factors affecting bridge deck movements in concrete 
bridges and presented a method for finding the 
location of the point of zero movement (stagnation 
point) on a bridge deck supported by elastic bearings. 
Witeck.i and Raina (16), 1969, presented a similar 
method to account for the effect of elastic and 
friction bearings on the point of zero movement and 
discussed the distribution of substructure forces 
and their application to the superstructure. 

Bridge engineers are reluctant to use bridges 
supported by flexible substructures because design 
criteria are not currently available, observed data 
is limited, and guidelines relating substructure 
flexibility, bridge length, and induced stresses 
have not been developed. 

As a first step towards the development of simple 
rational des1gn criteria, the autho·rs developed an 
analytical method as a basis for parametric studies. 
The procedure involved: a) evaluation of the factors 
affecting thermal properties of concrete; b) develop
ment of equations to estimate hourly weather extremes 
for Columbia, Missouri; c) formulation of a finite 
element method to solve the heat transfer equation 
which was used to find the temperature distribution 
through the bridge superstructure; d) development of 
a finite element method to find resultant thermal 
stresses; and e) a computerized solution of the 
magnitudes of thermally induced strains and stresses. 
Because of a space limitation and the complexity of 
the formulation, it is the objective of this paper 
to present results which show the potential magnitude 
of the maximum stresses induced by environmental 
loading extremes in an interior girder of a composite
girder bridge supported by a flexible substructure. 
Where necessary, for the benefit of the reader, an 
outline of the method is presented. No attempt was 
made to investigate the potential magnitude of 
stresses under combinations of dead, live, and 
environmental loads. The lengthy details of the 
initial development of these analytical procedures 
can be found in prior publications (l, §_, 2_, 10, J1., 
11.). 

Heat Flow 

Generally, a bridge structure warms up during 
daylight hours due to the heat flux or energy received 
from the sun's rays. At night the structure cools 
down due to energy losses by convection and thermal 
radiation. 

Physical Model 

Consider a typical interior girder of the multi 
span composite-girder highway bridge of Fig. la. The 
heat flow through the superstructure produced by an 
environmental exposure fluctuates with time as a 
result of changes in air temperature, air velocity, 
and the solar radiation incident upon the structure. 

Dividing the superstructure into long elements or 
members, m, each having constant sectional properties 
over the length, t, assuming the concrete deck to be 
homogenous and isotropic and that the thermal pro
perties are constant over the length of each member, 
the flow of heat through the member cross-section of 
Fig. lb at some distance from the ends is essentially 
two-dimensional and is given by (12) 
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(1) 

in which T is the temperature; x and y are cartesian 
coordinates; k is the thermal conductivity; c and p 
are the specific heat and density, respectively; and 
t is a point in time. 

Figure 1. Heat flow model for a composite-girder 
bridii;e 
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The initial condition, i.e. the temperature of 
the bridge structure at time of erection, is assumed 
to be at a steady state condition and is given by the 
mean daily temperature, T , for the day of the year 
when composite action is ~ssumed to begin. Thus, 

T(x, y, 0) = Ta (2) 

At the air-deck (top) interface (Fig. le) energy 
is transferred by the solar flux absorbed by the 
bridge deck, q (t), convection, q (b,t), and thermal 
radiation, q (g,t), such that c 

r 

ar ar i&=-a t + ~a t + q < t) + q (b , t) + q (b , t) ~ o xx yys c r (3) 

in which t and t are the direction cosines of the 
outward no~al toy the bridge deck and b represents 
the x, y coordinates on the boundary surface. At all 
other external boundary surfaces, such as the deck
air (bottom) interface and the girder-air interface, 
energy is assumed to be transferred by convection, 
and Eq. 3 reduces to 

ar ar 1c;;.:.a t + i&=-a i + q (b, t) o x x y y c (4) 

Physical Boundary Conditions 

The solar radiation (heat gain) received by the 
deck can be expressed by q (t) ~ aI (t), in which a 
is the absorption coeff icie~t and I ~t) is the sum 
of direct and diffuse radiation inc~dent upon the 
surface. 

Heat transfer by convection is given by Newton's 
Law of cooling 

(5) 
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in which h is a film coefficient, T(b,t) is the 
temperatur~ of the bridge element at the surf ace-air 
temperature interface, and T"'(t) is the air tempera
ture at time t. 

Heat transfer between the structure and the 
surrounding atmosphere due to thermal radiation (long) 
wave) produces a nonlinear heat flow boundary which 
can be modeled by (1_, 1.i) 

q (b,t) • DE (6(b,t) 4 - E 6 (t) 4 ) 
r as 00 

(6) 

where a is the Stephan-Boltzman constant, £ is the 
emissivity, 6 is the temperature in degrees absolute, 
and £as is the atmospheric emittance expressed in 
terms of air temperature as 

£ 1 - 0.261exp{-7.776x10- 4e_(t) 2 } 
as -

(7) 

in which 0"'( t) is in degrees centigrade'. 

Numerical Solution 

The distribution of temperature through the cross 
section is obtained by solving the heat flow equation, 
Eq. 1, for the initial conditions of Eq. 2 and the 
boundary conditions of Eqs. 3 and 4. The geometric 
complexity and spatial distribution of the thermal 
properties, Figs. lb and ld, imply a need for a 
numerical method. A finite element method was 
developed, in which a typical interior slab-stringer 
was discretized as shown in Fig. le and the distri
bution of temperature was calculated at a given 
point in time. The formulation and details of the 
computional procedure are presented elsewhere (10, 
.u. Q) 

Bridge Forces and Displacements 

Forces induced by environmental exposures, shrink
age strains, and vehicular loads in an interior 
slab-stringer of a composite-girder bridge may be 
approximated by dividing the slab-stringer into 
prismatic elements connected by nodes; replacing the 
soil substrata, bearings and supporting structure 
with springs of equivalent stiffness; and using the 
stiffness method to solve for unknown displacements 
and forces. 

Superstructure 

Assuming an effective slab width, b f' consistent 
with present AASHO (now AASHTO) specifi~ations (b), 
the slab-stringer shown in Fig. 2a is divided into 
composite-material slab-beam type elements, e, each 
having constant prismatic properties of length ~ and 
defined by nodes i and j located at the neutral sur
face of the element. For the sign convention of 
Fig. 2c, the element stiffness matrix, [ke], is 
found by standard methods. 

The total superstructure structural stiffness 
matrix, (K], i.e. without restraints imposed by the 
backfill and supporting structure, is obtained by 
assembling the element stiffness matrices. 

The thermal fixed end forces for each element, 
{F~}, at each nodal point and any superimposed nodal 
point loads, {PL}, are assembled to give 

(8) 

where {P}, the vector of nodal point forces, is 

(P} • ( K ) {ti} (9) 

and {ti} is the vector of unknown nodal point dis
placements. 

Figure 2. Mathematical model for a restrained 
composite-girder bridge structure 
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Substructure and Backfill 

Restraint of longitudinal movements of a bridge 
deck induces both forces and moments in the bridge 
superstructure. For example, in bearing type 
supports a horizontal force is transferred through 
the bearing at some distance from the neutral surf ace, 
which induces a moment equal to the product of the 
force and its distance to the neutral surface. 
Integral or semi-integral abutments induce additional 
moment. Furthermore, both the approach slab and the 
fill material adjacent to the bridge deck will resist 
longitudinal movements. The magnitudes of the axial 
forces and the moments induced varies with the mag
nitude and distribution of the passive soil pressure 
resisting movement and the joint detail between the 
approach slab and the bridge deck. 

Thus, two types of springs, shown in Fig. 2b, 
were used for analytically modeling the resistance 
of approach slabs, fills, abutment connections, and 
pier supports to superstructure movement. 

The type 1 springs (one degree of freedom) were 
used to model bearing-pier supports, non-integral 
abutments, approach slabs, and fills adjacent to the 
bridge deck. The passive resistance of the fill 
material adjacent to the bridge deck is accounted 
for by applying multiple type 1 springs (winkler 
spring approximation), (see Fig. 2b). The type 2 
springs are used to model the combined shear and 
moment resistance imposed by either the integral or 
semi-integral abutments. 

Substructure and Backfill--Type 1 Springs 

The spring force 1F i m in spring m, attached to 
node i at 1d . from t~e'neutral surface of the 
beam element~i~~ is given by 

(10) 

in which 1k i is the spring stiffness and 16 i 
is the spri~g,mdisplacement. Nodal point load~ ,m 
at node i of element e resulting from these· spring 
forces are obtained by 

{ lp } 
si,m 

(11) 



where {lH i } is the force transformation matrix and 
{ 1H i }Tsl~mexpressed by 

s ,m . 

0 -d si,m 

and 1d i is the distance from node i to spring m 
and issp6~itive for springs located below the neutral 
surface. 

The total nodal point forces, {Q }, at node i, 
which are located at the neutral surface of the slab
s tringer element, are the sum of the nodal point 
l oads, {Pi}, are the induced spring forces. This 
gives 

(lp } 
si,m 

in which {Pi} is the s ummation of nodal point loads 
at node i ; 1s . is the number of type 1 springs 
attached to nod~ i; and [ Ip i } is given by Eq. 11. 
Recognizing that the t o tal ~od~l point forces, {Qi}, 
at node i must be equal to the product of the 
assembled stiffness matrix at node i and the nodal 
point displacements at node i, it can be seen that 

{lH . } l k 
s1,m s i,m 

Rewriting and transforming spring displacements, 
10 i to the neutral surface of the slab-stringer 
el~meWt at each node gives 

{P } = [~]{a } 

where 

[~] 

lN 
s 

[k] + l 
i=l 

Substructure--Type 2 Springs 

The spr i ng forces at node i are given by 

Transforming the spring forces from the spring to 
node i gives 

(12) 

( 13) 

(14) 

(15) 

where [ 2H i] is the force transformation matrix and 
[ 2Hsi]T i~ expressed by 
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Similarly, as for the type l springs, the spring 
displacements are transformed to the neutral surface 
at each node and assembled to give 

"' {P} = [~]{a} 

where 

"' [~] [~] 

2N 
s 

+ l 
i=l 

After applying boundary conditions to Eq. 16, and 
rearranging, the nodal point displacements are 
obtained by 

"' 
{a } = [~]-l {P} 

Substructure Forces and Displacements 

(16) 

(17) 

The pertinent displacements in the fill, approach 
slab and bearing supports are given by 

lo = ( IH J T {a J 
si,m si;m i (18) 

Similarly, integral or semi-integral end bent ~is
placements are given by 

(19) 

and the corresponding forces in each of the two types 
of springs are ca lculated by Eqs. 10 and 14 for types 
1 and 2, respectively. 

Substructure Sti f fness Determination 

Bearings 

Three basic t ypes of bearings are shown in Fig. 
3: a fixed r o tational bearing, a friction bearing, 
and an elastic bearing. 

Figure 3. Flexibility c oefficients for a bridge 
supporting structure 
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c I Elotlic lloan"'l 

Fixed bearings, such as the curved steel plate of 
Fig. 3a, do not translate. Thus, the entire super
structure movement is transferred through the bearing 
to the support and the bearing flexibility, fb, is 

-
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zero. 
Friction bearings (Fig. Jb) perform like fixed 

bearings until a horizontal force equal to µ R pro
duces impending motion. The coefficient of ~tatic 
friction , µ , for dry steel on steel varies from 0.15 
to 0.8 (3, 11); R is the vertical reaction. After 
motion impends the resistance to movement (kinetic 
friction) is approximately three-fourths the static 
friction and the bearing resistance becomes 0.75 µsR. 

Elastic bearings, unlike the other two types, 
restrain movement and deform at the same time. From 
Fig. Jc, if a unit load is applied at the top of the 
bearing and the pier is restrained against movement, 
the resulting flexibility coefficient, fb, becomes 

(20) 

Piers 

The pier flexibility (Fig. Jd), assuming elastic 
action, is found by applying a lateral unit load at 
the top of the pier. The resulting horizontal 
deflection or flexibility, fp, is 

f 
p 

(21) 

From Fig. Je, the rotation of the pier base may 
be accounted for by applying a lateral unit load at 
the top of a rigid pier. The resulting rotational 
deflection at the top of the pier, fr, becomes 

(22) 

where k
9 

may be found from the foundation type and 
the modulus of the soil. 

Summing the individual flexibilities, f = fb + f 
+ fr' for the total deflection at the top of the p 
pier, and inverting gives the final effective pier 
stiffness (type 1 Spring) which is 

k 
s 

where 

1 
f (23) 

1. For a fixed bearing pier, the total flexi
bility becomes 

f .. f + f 
p r 

2. For a friction bearing, the flexibility is 
that of•a fixed bearing when the horizontal thrust is 
equal to or less than µ

5 
R, which gives 

f f + f 
p r 

After motion impends the total flexibility of the 
pier is 

f " .. 

3. For an elastic bearing the pier flexibility 
becomes 

Abutments 

The governing differential equation for inter
action between the surrounding soil and embedded 
piles subjected to lateral loads is 

(24) 

where y is the lateral pile deflection, x is the depth 
below the top of pile, EI is the flexural pile stiff
ness, and k is the sabgrade modulus in force/length 2 • 

For an assumed constant elastic soil modulus, 
classical solutions to Eq. 24 are readily available. 
For design conditions, the modulus may vary and 
numerical techniques are needed. Assuming an initial 
soil tangent modulus, i.e., small deformations, the 
flexibility of the pile supports may be evaluated by 
applying a unit lateral force and a unit moment at 
the top of the abutment pile as shown in Fig. 3f and 
Jg. Thus, taking into account the bearing type and 
applying the principles used for piers, the effective 
abutment stiffness can be found by inverting the 
flexibility matrix. 

Supe•structure Stress Analysis 

Consider an interior composite slab-stringer to 
be subjected to thermal strains. In the composite 
section, a biaxial stress state exists at the inter
face between the slab and the beam flange. The state 
of stress depends on the imposed strain distribution, 
shear connector spacing, diaphragm and stringer spac
ing and support restraints. Previous analytical 
methods for the analysis of interior girders acting 
compositely with the slab are limited to frictionless 
bearing supports and have neglected transverse strain 
compatibility at the slab stringer interface (!!_, ~. 
.!2_) . 

In the method described herein, the bridge is 
first divided into composite-material slab-beam type 
elements, e, each having constant prismatic proper
ties and a length of~ (see Fig. 4). Within each 
element, e, the assumptions made are: 1) the Cone
way) slab and the beam are continuously connected by 
shear connectors; 2) the materials are homogenous 
and isotropic; 3) the temperature is constant over 
the length, ~. but may vary through the cross-section; 
4) each girder is straight with a symmetrical cross
section; S) elastic small deflection theory is valid; 
6) torsional forces and transverse strain compatibil
ity between separated slab sections are neglected; 
and 7) vertical strain compatib~lity is neglected. 

Initially, the slab, upper beam flange and the 
top of the beam web are assumed separated and free 
to deform independently under the imposed temperature 
distribution and the resultant thermal strains are 
determined. Unrestrained thermal stresses within 
each separated section, n, are given by 

o'x • a E [-T(y ) + 1 Jw T(yn) dyn 
n ~ n A n 

Y n 

+ yn / wn T(yn) Yn dyn] 
1 

n 

o'z 
n 

ijio'x 
n 

(2Sa) 

(25b, 25c) 

.l 

.j 

I 
I 
.I 
· I 



in which subscript n implies the appropriate separated 
section (Fig. 4), n is the coefficient of thermal 
expansion, E is t he elastic modulus, T is the change 
in temperatuQe, w is the width, A is nthe s.rea, and 
I is the moment Hf inertia of eacR separated section. 
F8r plate ac tion in the slab and top f lange, y•l - µ 
and tjiml. Assuming the web and lower flange to be inn 
place stress, y~l and ljl•O. The resulting unrestrained 
thermal strains are obtained from the general elastic
ity equations. For composite action, the slab and 
beam must deform with equal strains and curvatures at 
the interface. If one way slab action is valid, then 
the interface force system of unknown shears and 
couples of Fig. 4 must be superimposed. The eight 
unknown forces F1 to Fs are obtained by writing eight 
strain or curvature interface compatibility equations 
to yield eight simultaneous equations in eight un
knowns. The details for this development have been 
presented in a separate publication (12). 

Figure 4. Compatibility forces for superstructure 
components in a composite-girder bridge. 

Final Stresses 

e) TtaNHrM COlllPttlfMlty Fol'H•, , •• ror "• 
~W~ l't11<• •" llfl •ff ,., Cltrll7 

Final stresses, forces and deformations for the 
interior slab - stringers of multi-span composite 
girder bridges sub j ected to thermal, shrinkage, or 
initial strains are obtained by superimposing the 
elastic stresses and the compatibility stresses. 

Elastic stresses due to element forces are 
evaluated by a) dividing the slab-s cringer .into 
elements, b) introducing rigid boundaries at the 
nodal points, c) findi ng the fixed forces due to the 
deformations resulting from the thermal stresses of 
Eq . 25 and the stresses produced by F

1 
to F

8
, d) 

(onnulating the stiffness matrix, e) solving the 
result i ng system of equations for nodal point dis
placements, and f) obtaining t he element end forces 
and the Tesulting elastic stresses within the element. 

Compatibility stresses are obtained by super
imposing thermal stresses within the unrestrained and 
separated slab, beam flange, beam web and lower 
flange with the stresses produced by the compatibility 
forces, F1 to F

8
. Compatibility stresses within a 

determinate element are final stresses. 

Point of Zero Movement 

As expansive-cont ractive movements occur, a unique 
point on the bridge deck does not move. This point, 
when located, provides the engineer a rational means 
fo r determination of potential movement a nd placement 
of expansion j oints, if used. Longitudinal dis
placements at the top surface of the bridge deck are 
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obtained by transferring element nodal point dis
placements at the neutral surface to the top surface. 
Top surface strains at intermediate points along the 
element length can be calculated and .used to numer
ically integrate and obtain axial deformations within 
each element. These deformations will change sign 
adjacent t o the point of zero movement. 

Bri dge Study 

A typical interior slab-stringer of a 11-26-26-
11-m (35-86-86-35-f t) four span composite-girder six 
stringer highway bridge located in mid-Missouri was 
investigated for stresses induced by concrete shrink
age strains of 0.0002 and thermal strains resulting 
from air temperature extremes during the twenty year 
period of 1946-1965. An air entrained limestone 
aggregate concrete, for which the coeff ic ie~G of 
thermal expansion is app·roximately 7. 2 x 10 I °C 
(4.0 x 1Q-6/ °F), was assumed for the deck (8). The 
stringers are supported by flexi bile s cub abutments 
(semi-integral), a fixed bearing at the center pier 
and expansion bearings at intermediate piers. 
Pertinent superstructure properties are shown in 
Table l. 

Table 1. Bridge Properties 

'!YI>• 

a) Superatructur• 

Concrete caioprueive 1treqtb, kll/•1 (poi) 
Effective oleb vtdtb, .,a (iu.) 
Slob thiclmHe, - (ill,) 
Depth of &irder wb, • (in.) 

Section 1: 
Plana• vtdth 1111d thici<DHo, • (in.) 
Web thiclmeu, •(in.) 

Section 2: 
Top flaq• vtdtb and thiclmHo, • (in.) 
Web thiclmHo, - (in.) 
llott- flaqe vidth and thickneu, • (in.) 

Soctiou 3: 
Pb.nae vtd th 1111d thiclmHo, • (in. ) 
Web thiclmHo, - (in.) 

b) Subatructure 

Concrete coapre1aive 11crena;ch, k.N/11 2 (pai) 

Throe-Colua Expenoion Pioro: 
Pior cap vidth and hei&ht, • 

(ft) 
Col.- diaaeter, • (in . ) 
Col.- hli&ht , • (ft) 
Buriq blight, • (in.) 

Throe-Col.- Find Pier: 
Pier cop vtdth md ho11ht, • 

(ft) 
Col.- di-ter, • (in.) 
Col.- heiaht, • (ft) 
Beariq height, • (in.) 

"ile1lect1 th• top 25.4 • (l la.) of th• llab. 

27. 600 (4000) 
1981 (78) 
191 (7.5) 
1067 (42) 

2()3, 16 (8, 0.625) 
ll (0.437)) 

203, 16 (8, 0.625) 
10 (O. 375) 
254, 22 (10, o. 875) 

330, 25 (13, l) 
ll (O. 4375) 

20, 700 (3000) 

0.84, 0.97 
(2.75, 3.19) 
762 (30) 
5.5 (18.l) 
241 (9.5) 

0 . 84, 1 . 1 
(2. 75, 3,62) 
762 (30) 
5.48 (17 .96) 
102 (4) 

The abutments are each supported by 5 HP 10 x 42 
steel H-piles oriented with the major axis resisting 
longitudinal bridge movements. The abutment fills 
are approximately 5.Sm (19 ft) deep as measured from 
the top of the pile cap. The soil boring data indi
cated the underlying soil strata to be a very stiff 
clay. Limited soil data were available and the fills 
were assumed to be a stiff clay. The average pile 
length is 14.3m (47 ft) at the down station abutment 
and is 13.9m (45.5 ft) at the other abutment. Perti
nent substructure properties are shown in Table 1. 

A computerized reduction of weather data at 
Columbia, Missouri, for the period 1946 to 1965 
yielded equations for both diurnal and hourly vari-
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Table 2. Maximum Principal Stresses for Superstruc
ture with Frictionless Bearings 

ha Mo. Day Sl ab 
c Br Vanb Stac od Hr Vertb Stac 

S.68 Jan. 17 4 t 33.60 3328 6 b 30.33 
S.68 18 4 t 1.52 3335 6 b 30.33 

28.38 17 2 t 30, 33 3488 4 b 30.33 
28.38 18 2 t 36.88 3418 4 b 30.33 
S.68 July 19 16 b 30. 33 5008 12 t o.o 
5.68 20 16 b 30. 33 5015 12 t 15.24 

28 . J8 19 16 b 30. 33 4318 12 t u.o 
28.38 20 16 b 30. 33 4319 12 t o.o 

Beam 
od Hr Vertb Stac od Hr Ver tb Stac od 

-6291 4 b 15.24 46884 2 b o.o -12135 
-6258 2 b 15.24 48401 2 b 0.0 -12273 
-6429 2 b 15.24 47160 2 b o.o -12204 
-6452 2 b 15.24 46333 2 b o.o -11997 
-4528 8 b o.o 4413 18 t 30.33 -30751 
-4517 lj b o.o 4275 18 t 30.33 -30268 
-3503 8 b o.o 5171 18 t o.o -25166 
-3487 8 b o.o 5033 18 0.0 -25235 

Note: 1 W/m2-•c • 0.17615 Btu/hr-ft2-°F 1 m • 3.2808 ft 1 \cN/m2 • 0.14504 psi 

8wtm2-•c bt • top, b • bottom c dlcN/m2 m : 

Table 3. Maximum Principal Stresses for Superstruc-
ture with Non-Integral Abutments 

ha Mo. Day Slab 
c Hr Vertb Stac od Hr Vartb Stac 

5.68 Jan. 17 4 t 36.98 3328 6 b 30.33 
5.68 18 4 t o.oo 3332 6 b 30.33 

28.38 17 2 30.33 3488 4 b 30. 33 
28. 31:1 18 2 t 31. 96 3411:1 4 b 30. 33 
5.68 July 19 16 b 30.33 5008 l:.! t -0.lS 
5.68 20 16 b 30 . 33 5015 12 t 15.24 

28.38 19 16 b 30.33 4317 12 t -0.15 
28.38 :.!O 16 b 30. 33 4319 12 t -0.15 

Note: 1 W/m2-•c - 0.17615 Btu/hr-ft2-°F 1 cm • 0.·3937 

8wtm2-•c bt • top, b • bottom, distance in c 
cm m 

Table 4. Maximum Principa l Stres ses f or Super struc-
tur e with I n t egral Abutmen ts 

ha Mo. Day Slab 
c Hr Ver t b Stac (Jd Hr. Venb Stac 

5.68 Jan. 17 4 30.33 3328 4 b 30.33 
5.68 18 4 t a.oo 3334 6 b 30 . 33 

28.38 17 2 3a.33 3488 4 b 30 . 33 
28.38 18 2 t 33 .60 3418 4 b 30.33 
5.68 July 19 16 b 30. 33 5008 12 -a.15 
5. 68 20 16 b 30.33 5a15 12 18.27 

28 . 38 19 16 b 3a.33 4318 12 -a.15 
28. 38 20 16 b 3a. 33 4319 12 -0.15 

Neta : 1 W/m2-•c • 0.17615 Btu/hr-ft2-°F 1 m • 3.28a8 ft 

8w1112-•c bt • top, b • bottom c dkN/m2 m 

ations in ambient air temperature and the sum of 
direct and diffuse solar radiation incident upon a 
horizontal surface. From these equations, the 
maximum air temperature of 41°C (106°F ) occurred on 
July 20 and t he minimum air t emperature of -23°C 
(-10°F) occurred on J anua ry 18 . These t emperatures 
can be expected to recur every 11 and 4 . 5 yea r s for 
the maximum and minimum temperatur es, respectively . 
The details of this study have been presented else
wher e (12). 

Using the values obtained from the above weather 
equations as boundary conditions to the differential 
heat flow equation, a two-dimensional finite element 
analysis with the grid of Fig. le was used to calcu-

Beam 
od Hr Vertb Sta c ad Hr Vartb Stac od 

-6291 4 b lS.24 48125 2 b -0.15 -12135 
-6258 2 b 15.24 49573 2 b -0.15 -12273 
-6429 2 b lS.24 48401 2 b -0.lS -12204 
-645Z 2 b lS.24 47643 2 b -0.15 -11997 
-4528 8 127.94 o.o 0 20 t 15 . 24 -33026 
-4517 8 127.94 o.o 0 18 t 15.24 -33715 
-3503 11 130 . 18 -0.15 414 18 t 30.33 -26890 
-3487 8 130.18 -0.15 276 11:1 t 30.33 -26890 

in. ; 1 II • 3.2808 ft 1 \cN/•2 • 0.14504 pei 

d\cN/112 

Beam 
(Jd Hr Vertb Stac od Hr Vertb Stac od 

-6210 4 b 3a.33 466a8 2 b -0.1.5 -12135 
-6258 2 b 30.33 47850 2 b -a.15 -12273 
-6429 2 b 3a. 33 46884 2 b -U.15 -l:.!204 
-6452 4 b a.a 47091 2 b -0.15 -11997 
-4528 16 b 10 . 67 3172 16 b o.o -71706 
-4517 16 b la.67 3240 16 b o.o -71706 
-35a3 8 b -a.ls 827 16 b a .o -61570 
-3487 6 b -0.15 620 16 b a.a -61570 

1 kN/m2 • a.14504 psi 

late the distribution of temperature through the 
cross section of an interior composite-girder at two 
hour intervals over a two day period. These temper
atures were then used to calculate the thermal 
stresses and horizontal forces induced in the struc-
ture . 

The reference temperature at time of erection was 
assumed to be 7°C (45°F) for the t emperature vari
ations of July 19-20 and 32°C (90°F ) for the temper
ature variations of January 17-18 (12). 

For simplicity, it was assumed tha t soil defor
mations would be small and that the soil would behave 
as a linearily elastic material. The approach fill 
was considered to resist expansive movements only. 



Partial Results 

Reactions, deflections, slopes, strains, and 
stresses induced in a typical interior girder by 
environmental temperature extremes for the twenty 
year period, 1946-1965, were investigated for support 
conditions of a) frictionless bearings, b) non
integral abutments and c) integral abutments. To 
allow for a build up of dirt, a coefficient of 
static friction of 0.6 was assumed at the pier expan
sion bearings for cases b) and c). Thus, the force 
required to produce impending motion at the pier 
expansion bearings was 19,570 kg ~43.2 kips). Both a 
nominal wind speed, h = 28.4 W/m - °C (5 Btu/hr-ft2 
- °F) and no wind, h c. 5.7 W/m2-•c (1 Btu/hr-ft2-°F) 
were combined with tfle hot days (July 19-20) and the 
cold days (January 17-18) weather exposures. 

The interior girder was modeled with a composite
material slab-beam type element the formulation of 
which is presented elsewhere (!..~). The temperature 
on each horizontal plane was calculated by averaging 
the nodal point temperatures found from the finite 
element analysis. The slab temperatures over the 
width of the girder flange were assumed constant but 
different from that of the slab between girders. 

The induced stresses for the three support con
ditions are shown in Tables 2, 3, and 4. Although 
the results clearly show that environmentally induced 
stresses are significant, the stresses induced by 
non-integral abutment type supports are approximately 
the same as that for frictionless bearings. 

Table 5, the horizontal thrust results, shows 
that impending motion never occured at the expansion 
bearings. 

Table 5. Maximum Horizontal Forces 

ha Mo. Day Hr. Non-Integral lntesral 
c Abut . b Pier b Abut.b Pierb 

5.68 Jan. 17 6 23647 3171 22741 3216 
5.68 Jan. 18 6 23556 3171 22695 3216 

28.38 Jan. 17 4 24100 3216 23148 3262 
28.38 Jan. 18 4 24145 3216 23194 3262 
5.68 July 19 16 7112 2627 28403 2627 
5.68 July 20 16 7067 2627 28403 2627 

28.38 July 19 16 6206 2220 25368 2220 
28.38 July 20 16 6161 2220 25368 2220 

Note: 1 W/m2-•c = 0.17615 Btu/hr-ft2-°F 

1 kg= 2.2075 lbs 3wtm2-•c bkg 

Discussion of Results and Conclusions 

A rational method is presented for placement of 
expansion bearings and bridge deck devices and for 
calculation of forces induced in bridge superstruc
tures supported by flexible substructures. 

For the composite-girder bridge structure located 
near Columbia, Missouri, even the most severe climatic 
conditions will not produce impending motion at the 
expansion bearings. 

As the substructure stiffness increases and/or 
the bridge length increases, significant horizontal 
forces can develop in both non-integral and integral 
types of bridge structures. These forces can be 
reduced by orienting the abutment piling so that the 
minor axis (rather than the major) resists longitudi
nal movements. The calculated thrusts would also be 
less if nonlinear soil behavior were considered. 

Abutment thrusts approached 7112 kg (15.7 kips) 
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compression and 24,145 kg (53.3 kips) tension for the 
non-integral abutment and 28,403 kg (62.7 kips) com
prassion and 23,194 kg (51.2 kips) tension for the 
integral abutment. 

The maximum induced beam stresses are approxi
mately 48,401 kN/m2 (7,0 ksi), 49,573 kN/m2 (7.2 ksi) 
and 71,706 kN/m2 (10.4 ksi) for supports of friction
less bearings, non-integral abutments, and integral 
abutments, respectively. Slab stresses were signif
icant and are approximately the same for each support 
condition. Based on this data, it can be seen that 
frictionless bearings and non-integral abutments 
yield beam stresses which are approximately 35 
percent of the allowable whereas integral abutments 
yield beam stresses of 52 percent the allowable. 
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Analytical Models 

For a model arch used for in-plane and out-of-plane 
analyses and elastic and elasto-plastic analyses, the 
same dimensions as the design of Ohmishima Bridge are 
used including the condition of supports, the arrange
ment of expansion joints, the rigidities of members, 
etc •. To make the calculation simpler, the rigidity 
of concrete-encased steel grating floor is neglected, 
eight stringers are replaced by one equivalent string
er, and the arrangement of lateral bracing members 
between two arch ribs is partly changed. As the re
sult, the model is provided with 139 nodal points and 
340 members and is constrainted with 52 degrees of 
freedom. 

In addition to this Model-1, Model-2 is investi
gated, too, in which either of two side ties is not 
fixed to the abutment, but supported by a sliding shoe 
so that the tie is not subjected to any axial force. 
Moreover, Model-3 with an assumed initial imperfection 
due to the error of shape in Model-! is employed in 
the in-plane ultimate strength analysis. 

Applied Loads 

In the in-plane analysis, the dead load(D), the 
live load(L) consisting of uniform load(p) and trailer 
truck load(TT), both including impact, and the earth
quake load(EQ) with the horizontal seismic coefficient 
of 0.2, are applied at numerical analyses. In the 
out-of-plane analysis, the dead load, the horizontal 
earthquake load and wind load(W) are employed. 

The intensities of the specific loads like elastic 
buckling load or ultimate strength load are expressed 
by a load multiple, a, considering design loads as 
standard loads, of which the intensities are gi~en in 
Table l(_?). 

Table 1. Intensities of design loads . 

Design load Intensity Loaded member (kN/m) 

Dead load 
43.5 arch rib 

(D) 
94.8 center or side tie 
84.8 stringer 

Live load (p) 20.9 stringer 
(L) (TT) 765.0(kN) stringer 

Earthquake load 
8.7 arch rib 

19.0 center or side tie 
(EQ) 17.0 stringer 

Wind load 
19.9 arch rib 

(W) 
13.0 center or side tie 

3.2 post 

Note: 1 kN • 0.225 kip. 1 kN/m 68.5 lbf/ft. 

Geometrical Nonlinearity due to In-Plane Loads 

Influence Values 

To examine the nonlinearity due to live loads, 
the following five kinds of influence values are con
sidered: 

1. An ordinary linear influence value for a unit 
concentrated load. 

2. A linearized influence value for a concentrat
ed live load(TT-Load) obtained by a tangential stiff
ness matrix at the loading of dead loads. 
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3. A nonlinear influence value of the exact so
lution for the value of 2. 

4. A linearized influence value for TT-Load 
obtained by a tangential stiffness matrix at the load
ing of dead and half-span uniform live loads. 

5. A nonlinear influence value of the exact so
lution for the value of 4. 

At the computation of the values of 2 to 5, the 
exact equilibrium state is obtained for dead loads or 
plus a uniform live load with the intensities of the 
design loads. Then, these influence values are calcu
lated not for a unit load, but for TT-Load as a moving 
concentrated load. At this time, the removal of the 
linearized errors is tried for bending moments or 
stresses with the values of 2 and 4. 

Nonlinearity due to TT-Load 

Figure 5 shows the maximum values of deflections 
due to a trailer truck load(TT-Load) for Model-1. 
Figure 6 shows the minimum values of fiber stresses 
due to TT-Load at the upper and lower flanges for 
Model-1. Since the linearized influence values of 2 
and 4 agree with the values of 3 and 5, respectively, 
they are not shown in the figures. Those figures 
indicate clearly the favourable effect of the side 
ties on the deflections and stresses. 

Figure 5. Maximum deflections due to TT-Load. 
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Figure 6. Minimum fiber stresses at upper and lower 
flanges due to TT-Load. 
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For the maximum or minimum values of deflection o, 
bending moment M and fiber stresses Ou and cr~ in the 
upper and lower flanges respectively, due to a concen
trated TT-Load, the increase ratios of the linearized 
or the nonlinear values of 2 - 5 to the linear value 
of 1 are shown in percent on the uppermost column in 
Table 2. 
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Table 2. Geometrical nonlinearities of various influ
ence values. 

Solution I max 6 maxH minM min og_ 

Nonlinearity due to TT-Load 

2 25.4 18.8 22.8 17.3 17.0 
3 26.4 19.2 22.5 17.8 18.7 
4 30.1 21. 3 26.3 19.5 19.6 
5 31. 3 21. 7 25.8 20.0 21.4 

Nonlinearity due to dead and live loads (%) 

2 6.6 13 . 4 10.6 4.1 2.2 
3 6.9 13. 7 10.4 4.J 2.4 
4 13. 5 22.5 18.9 8 . 8 5.8 
5 13. 7 22.7 18.8 8.8 6.0 

Since each value shows about 20 - 30% nonlineari
ty, the linear values cannot be applied to the ana
lysis of the arch. But it may not be required to 
perform the exact nonlinear calculation for the con
centrated live load, as far as the linearized values 
with 1 - 2% errors are used. When the nonlinear 
effect due to a uniform live load is taken into ac
count, too, the increase of nonlinearity due to TT
Load is about 5% in deflections and about 2- 3% in 
stresses in comparison of the values of 2 with 4 or 
the values of 3 with 5. 

Nonlinearity due to Dead and Live Loads 

Large stresses due to dead loads are observed at 
a solid rib arch and more than 50% of the stresses 
are almost axial stresses without nonlinearity. 
Therefore, nonlinearities due to the dead load plus 
the live load are indicated on the 2nd column in 
Table 2, in which the values of 5 give the exact non
linear effects due to the dead and live loads at 
Ohmishima Bridge. 

Influence Line Analysis 

In case that geometrical nonlinearity due to live 
loads appears at a structure subjected to dead load, 
an influence line analysis based on the law of super
position cannot be strictly applied to its analysis. 
Then, an influence line analysis with the above
mentioned influence values of 2 or 3 is applied to 
the analysis of Model-1. 

Table 3. Errors of influence line analysis. 

Solution I max 6 I max M I min M I min Ou 

2 
3 

2 
3 

Error due to superposition 

1

-2.2 i -2.0 I ~1.2 I ~1.8 
. -1.3 . -1.3 . -1.2 . -1.1 

Error of influence line analysis 

-l. 6 -2.0 -1.3 -0.9 
-l.l - 1.5 -1.4 -0.6 

min OR, 

(%) 

-2.2 
-0.9 

(%) 

-0.9 
-0.5 

The value of the uppermost column in Table 3 
indicate errors due to the application of the super
position law to the influence analyses of the arch 

subjected to a uniform live load(p), in terms of the 
relative errors against the exact values due to the 
uniform live load. 

Furthermore, the errors for the values due to the 
dead and the uniform live loads are shown on the 2nd 
column in the table. 

The negative signs dn the both columns mean un
favorable values. 

Effect of Side Ties on Elastic Stability 

Load versus displacement curves obtained by a 
buckling analysis and by an exact finite displacement 
analysis are given. in Figure 7 for the in-plane 
elastic stability of Model-I and Model-2 in which the 
stiffening effect of one of the side ties is neglect
ed. The vertical axis shows load multiples for dead 
plus live loads and the horizontal axis shows the 
maximum deflections, both at the nodal point No. 10. 

As illustrated in Figure 7, a dynamic jump does 
not occur at the both models owing to the stiffening 
effect of the side ties. The comparison between 
Model-1 and Model-2 shows that the ties have an effect 
on the constraint of geometrical nonlinearity of the 
arch. Particularly, the side ties are effective 
against a seismic load, because the nonlinearity of 
bending moments due to the dead load plus the seismic 
load is only 15 - 17% at Model-1, while 60 - 70% at 
Model-2. 

Figure 8 indicates the first mode of buckling due 
to dead load for Model-1 and -2, in which the left 
side tie alone is fixed to the abutment. In the 
figure, the vertical and horizontal axes show relative 
displacements and nodal point Nos., respectively. 

Figure 7. Load versus displacement curves for dead 
and live loads a (D + L). 
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Figure 8. Buckling modes due to dead load (aD). 
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Geometrical Nonlinearity due to Out-of-Plane Loads 

Geometrical Nonlinearity 

There have been few study reports on the nonlinear 
behavior of an arch bridge subjected to an out-of
plane load. In Table 4, the geometrical nonlineariti
es in displacements and internal forces in arch ribs 
due to design loads calculated by a three-dimensional 
finite displacement analysis for Model-1 of Ohmishima 
Bridge, are shown in percent of the linear values. 
Model-1* in the table is a model arch taking into 
account the in-plane and out-of-plane rigidities of 
slab. V and W are respectively vertical and horizon
tal displacements, N is axial force, and Mt, M.; Mz 
are respectively torsional, in-plane, out-of-plane 
bending moments. It can be seen in Table 4, that the 
nonlinearities appear even at the design loads, par
ticularly remarkably in the in-plane moments. 

Table 4. Geometrical nonlinearities due to out-of
plane loads. (%) 

Model Load max V max W max N maxi Mt I maxi My I maxlMz I 

EQ 5. 7 8.2 3.0 8.6 17.8 10 . 4 
D +EQ 5.6 3.2 1.1 4.8 16.0 9.9 

1 
w 4.9 8. 7 3.2 7. 2 16.l 6.9 

D+W 4.9 3.4 1.1 4.5 8.8 6.9 

EQ 4.9 6.3 2.6 5. 2 15. 7 1. 2 
D + EQ 4.8 2. 7 0.8 3.0 8.2 1. 2 

l* 
w 4.3 7.5 3.0 4.5 14.5 5.8 

D+W 4.3 2.9 0.9 2.8 7.7 5.9 

The comparison between the values for Model-1 and 
Model-1* shows that, if the rigidity of the slab is 
considered at the calculations, the nonlinearities 
will be reduced considerably, but the axial force in 
side ties will increase about 50%. 

Elastic Buckling 

To examine the out-of-plane stability of Model-1 
and -2, a three-dimensional buckling analysis is 
carried out. The results are summarized in Table 5 in 
terms of aar values which are load multiples based on 
the intensity of design dead load. Model-1* and -2* 
denote the cases that the slab rigidities are taken 
into account, respectively for Model-1 and -2. In 
Table 5, the third mode of buckling of Model-1 and -1* 
alone is related to the out-of-plane buckling, and 
all of the other modes are to the in-plane buckling. 
Since, at ordinary rib arches, the first mode appears 
at the in-plane buckling and the second mode appears 
at the out-of-plane buckling, a solid-rib arch with 
side ties shows different behavior from the ordinary 
solid-rib arch at the higher order of buckling mode. 

Table 5. Load multiples for out-of-plane buckling. 

Model 1st mode 2nd mode 3rd mode 

1 4.833 7.664 9.580 
l* 5.215 8.243 9.914 

2 2.677 5.097 8.153 
2* 2.899 5.511 8.692 
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Ultimate Strength in In-Plane Loading 

Ultimate Strength Analysis 

By an elasto-plastic finite displacement analysis 
with a matrix method, the ultimate strength is calcu
lated for the models of which an arch rib is divided 
into 832 elements. To discuss the characteristics in 
the ultimate state, six combined loads are applied as 
shown in Table 6. The inelastic behaviors are pursu
ed in the numerical calculation until the unstable 
state. The yielding loads and the maximum loads ob
tained by the calculation are summarized in Table 6 
in terms of load multiples ay and etmcxr. respectively. 

Table 6. Load multiples for yielding and maximum 
loads. 

CL D CL (D + L) D + aL 
Model 

ay Clm= Oy Clmcxr CLy Clmcxr 

1 2.964 3.012 1. 787 1.929 3.261 4.354 
2 2 .118 2.118 1. 434 1.487 2.222 2. 764 

3 (lo-• ) 2.869 2.923 1. 760 1.903 3. 2-15 4.307 
3 (10- 3 ) 2.359 2.424 1.560 1. 714 2. 821 3.901 

a (D + EQ) D + CL EQ l.3D+CLEQ 
Model 

CLy Clmcxr Oy Clm= Oy Om= 

1 2.328 2.656 2.378 4.609 2. 372 4.364 
2 1. 412 1. 528 2.161 2.432 1.618 2.135 

1* 2.690 2. 723 4.199 6.050 4.120 4. 737 
2* 1. 412 1.528 2.217 2.970 1. 618 2.192 

The values in the parentheses of Model-3 with an 
assumed initial imperfection, indicate the ratio of 
the maximum initial imperfection to the span length. 
The initial imperfections are determined from the 
buckling mode shown in Figure 8, which may be the 
most unfavorable mode under a uniform load. Model-1* 
and -2* are modification of Model-1 and -2, respec
tively, in which the same steel of SM58 as the arch 
rib is used for ties, while at the actual bridge, 
SM50Y and 5541 are used for the ties. 5M58, 5M50Y 
and 5541 are structural steels specified at the 
Japanese Industrial Standards, respectively with the 
specified yielding point of 451, 353, 235 MPa (65.4, 
51.2, 34.1 kipf/in~), and the specified minimum 
tensile strength of 569, 490, 402 MPa (82.5, 71.1, 
58. 3 kipf/in~). 

Characteristic in Ultimate State 

The comparison between the values for Model-1 and 
those for Model-2 in Table 6 proves the effectiveness 
of the side ties. If the arch is not provided with 
the both side ties, the arch will fail due to its 
elastic instability at a little greater load than the 
design dead load. The maximum values of initial im
perfections used for the calculations are 1/1000 and 
1/10000 of the span length corresponding to the 
amount of actual deflections of about 30 cm and 3 cm, 
respectively. Ohmishima Bridge will exhibit the 
amount of unavoidable initial imperfection between 
the both values. Table 6 shows that the reduction of 
ultimate strength due to the initial imperfections 
will be 2 to 3% for the case of 1/10000 and 10 to 11% 



252 

for the case of 1/1000, and also it will be 20% for 
the dead load alone. Therefore, the effect of initial 
imperfections on the ultimate strength of the actual 
bridge would be several percent and is much smaller 
than the one for an ordinary two-hinged solid-rib 
arch without side ties. 

The typical relations between maximum deflections 
and various loadings are shown in Figures 9 and 10 at 
the nodal point No. 10. Elastic displacement curves 
by a finite displacement analysis and by a linear 
analysis as well as load versus displacement curves 
obtained by an elasto-plastic analysis, are presented 
in the figures. The figures show that any sudden 
instability after the maximum load does not occur for 
any Models. When the Models are subjected to a seis
mic load as well as the dead load, the first yielding 
is observed at ties. Therefore, at Model-1* and -2* 
which have ties in a steel of higher yielding point, 
the ultimate strength may be relatively larger depend
ing on the loading, as proved in Table 6 and Figure 
10. 

Figure 9. Dead and live luads versus displacements 
(D + a. L). 
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Figure 10. Dead and seismic loads versus displace
ments (D + a. EQ). 
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Figures 11 and 12 present the spreading of plastic 
zone at the maximum load, but the members in which a 
plastic zone does not appear are omitted in the 
figures. In all of the loading cases, the arch rib 
fails due to its partial plastification, and particu
larly at Model-2, the arch rib fails without spread
ing of plastic zone after the yielding load has been 
reached. 

Figure 11. Plastification due to dead load only (all). 
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Figure 12. Plastification due to dead load plus 
seismic load (D +a EQ). 
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Ultimate Strength b Out-of-Plane Loading 

At an elasto-plastic spatial analysis, the arch 
of Model-1 is divided into about 6000 elements and 
in addition to the dead load, wind load is applied to 
the arch rib, because it is dominant · among possible 
out-of-plane loads. 

Two kinds of ultimate strength are calculated, 
as shown in Table 7, in terms of the load multiple, 
a, for the maximum wind load. The comparison of 
Case-! with Case-2 shows that 30% increase of the 
dead load, D , reduces slightly the strength for the 
wind load, W, because the model arch has a great in
plane strength for the dead load as shown in Table 6. 

Table 7. Out-of-plane ultimate strength. 

Loading Case -1 
(1. 0 D +a. W) 

3.240 

Case - 2 
(1. 3 D +a. W) 

3. 110 

The relations between loads and out-of-plane dis
placements are given in Figure 13, in which the Nos. 
on the curves denote the nodal points of the leeward 
rib. The out-of-plane displacements at the nodal 
points of 31 and 33 differ about 2.5 times,although 
an interval between the both points is only two panel 
length. This difference is proper to an arch with 
side ties, because they constraint the out-of-plane 
displacements of arch ribs in side spans. Figure 15 
which shows the out-of-plane displacements of arch 
ribs and ties, too, demonstrates clearly the effec
tiveness of the side ties. 



Figure 13. Load versus displacement curves . 
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Figure 14. Load versus out-of-plane moment curves. 
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Figure 14 indicates the relations of loads versus 
out-of-plane bending moments, Mz, at nodal point No. 
31, at which the arch rib takes the maximum bending 
moment. The curves of out-of-plane bending moments 
in the rib do not show any remarkable nonlinearity as 
seen in Figure 14. Also, the nonlinearities in bend
ing moments at the other sections are much smaller 
than those in displacements. The reason for these 
small nonlinearities in bending momments may be that, 
when the wind load reaches about 2.8 times as large 
as the design value, lateral braces between the arch 
ribs in the neighbourhood of the portal frames will 
yield and then the rapid displacements of the ribs 
will occur. Also, at the loading of a= 3.0, all of 
the sections of a great part of the side ties, too, 
yield, but at this time the greater parts of the ribs 
remain to be elastic. 

Figure 15. Out-of-plane displacement distribution in 
arch rib and tie. 
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Figure 16 . Axial force distribution in arch rib for 
(D+aw) . 
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Figure 17. In-plane moment distribution in arch rib 
for (D +a W) . 
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Figure 18. Out-of-plane moment distribution in arch 
rib for (D + Cl W). 
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At the model arch with the dimensions of Ohmishima 
Bridge, the structure reaches its unstable state due 
to the yielding of side ties and lateral braces 
around the portal frames. The plastification of the 
members at the maximum load is illustrated in Figure 
19, but considerable portions of the members still 
remain to be elastic. All of the braces in the both 
side spans at floor systems not shown in Figure 19 
will yield. If the plastic buckling of lateral 
braces between the ribs around the portal frames is 
taken into consideration in the numerical calcula
tions, the values of Clma.r in Table 7 will be reduced 
to about 2.5. 
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Figure 19. Plastification of members at maximum load 
for (D +ci W). 
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Finally, it should be added that experimental 
studies were carried out at Osaka Univers1ty(2), and 
that six models in steel of a reduced scale of 1/49.5 
for Ohmishima Bridge were tested to examine the in
plane and out-of-plane elasto-plastic behaviors and 
the ultimate strength. As the result, the ultimate 
strengths of the models by the theoretical analysis 
presented in this paper were verified quite well with 
1 - 4% errors in comparison with the experimental 
values. 

Conclusions 

The theoretical and experimental analyses of two
hinged solid-rib steel arches stiffened by side ties 
modelling Ohmishima Bridge with the span length of 
297 m, reveal the following structural character
istics: 

1. The stiffening effects of side ties under in
plane loads are so remarkable that they can reduce 
the bending moments in arch ribs and also can con
straint the geometrical nonlinearities of the arch, 
resulting in an increase of the load-carrying capaci
ty of the overall structure. 

2. Since the side ties can constraint the out
of-plane displacements of the arch ribs, they can in
~rease the overall ultimate strength under out-of
plane loads. 

3. Since it results that the span length of the 
arch rib has been shortened in appearance by the help 
of side ties, this new type of two-hinged arch will 
be more suitable for long-span arch bridges. 
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