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Tolerable Movements of Bridge

Foundations

Philip Keene, Consultant, Middletown,
Connecticut

As many aspects of bridge engineering knowledge expand, it is desira-
ble to examine the question of tolerable movements of bridge founda-
tions. It is a subject that has had comparatively little study in the
past; this lack has sometimes produced unrealistic results, especially in
costly overdesigns, A nationwide investigation of the matter has found
differences in definitions and practices. The definition of tolerable
movement of highway structure foundations is often complicated. It
involves amount of movement, type of structure, effect on each part
of structure, cost of alternative choices, effect on traveling public, sub-
jective reasons, and apprehension during design. Case histories illustrate
that large movements that cause some harm should be called tolerable
if alternative choices are excessively costly or more undersirable. Small
movements that result in substantial costs for remedial work should

be called intolerable if the movements could have been easily avoided.
In addition to the structural analyses to determine the effects of pre-
diction foundation movements, the geotechnical work on which the
predicted movements are based should in many cases be improved.
Recommendations are given to aid in improving the geotechnical work.

In engineering literature, there have been many pub-
lications on tolerable movements of buildings, such as
those listed in the bibliography of Feld's paper (1), but
few publications, if any, on tolerable movements of
highway bridges and other structures. This lack of in-
formation on highway structures spurred a 3-year sur-
vey by a Transportation Research Board subcommittee
of the Committee on Foundations of Bridges and Other
Structures. Interest in this aspect of bridge behavior
is in keeping with the progressive developments in many
other aspects of bridges, such as prestressed concrete
girders, orthotropic superstructures, integral abut-
ments, weathering steel, and cantilevered end spans,
as well as the use of computers in stress analysis and
other calculations.

Movements of buildings are a more serious problem
than movements of highway structures. Buildings are
usually more sensitive because of glass panels, doors,
windows, elevators, and utility configurations, whose
performance could be affected by stresses caused by
movements. The load on the foundation is added grad-
ually during the orderly process of construction, By
contrast, highway bridges are generally constructed
more easily and, where necessary, construction can be
done in stages. Approach embankments (often the chief
cause of movements) and the substructures can be built
and allowed to move for several months before starting
the superstructure, the most delicate part of the bridge.
In the case of box culverts, the structure is rugged and
can have expansion joints at frequent intervals; differ-
ential movements and minor cracks sometimes are never
known by anyone except occasional maintenance workers.

DEFINITION OF TOLERABLE
MOVEMENT

The two chief considerations in bridge design and con-
struction are safety and economy. Tolerable movements
of highway structures, because the concern is small
movements, are seldom concerned with safety, Safety
involves large movements that lead to structural failure
and collapse of the structure or a major part of it. Tol-
erable movements, then, are concerned mainly with

economy; that is, can the movements be tolerated in
order to save expense in money or time or should a
more costly design and construction be used in order to
reduce or eliminate the movements? Costs for the more
economical choice may include temporary overload of
approach embankments, proper sequence of operations,
and observation of movements during construction.
Also, later maintenance may require adjustments or re-
pairs to bearing plates, expansion rockers, bridge rail-
ing, bridge deck, and approach pavements and traffic
detours during the repair work. Costs for the more ex-
pensive choice may include additional spans, piles, or
a more expensive site, The selection of the best choice
depends on many factors, which may vary with each
structure, To be avoided is a wasteful choice; to quote
the late O. J. Porter, the internationally known soils
and foundations engineer (2, p. 139), "While we have had
many mistakes due to inadequate foundations, we have
also had many buried treasures of money due to using
an expensive pile foundation where spread footings could
be safely used."

The incentives to overdesign are probably well
known. They include: (a) easier analyses and hence
cheaper design payroll costs; (b) a safer product that
causes no worries; and (c) construction costs that are
borne by another group, the taxpayers. Also, if a con-
sulting firm is paid for the design on a percentage of the
construction cost (no longer commonly done), there
might be a tendency to overdesign to increase the fee,

It can be added that another incentive for conservatism
may be in lack of confidence in the design geotechnical
work or in the supervision and inspection during con-
struction.

An example of the savings realized when a wasteful
choice is rejected is the twin bridges carrying I-91 over
Silas Deane Highway in Connecticut (3), built in 1961
(Figure 1). The design consultant wanted piles under
all footings, His soils engineer predicted large settle-
ments without piles, based on superficial investigations
and unrealistic analyses. The consultant had been caught
in controversy on two previous projects in a neighboring
state (one concerned an incinerator near a swimming
pool and the other concerned a low-cost housing develop-
ment built partly on new fill). On neither project was he
in error, but his association with them was very un-
pleasant and it motivated his conservative solutions.

On the Connecticut Interstate project, after some de-
tailed supplemental investigations at the site by the
state's soils engineers, the state ordered the omission
of all piles and the use of a 1.5-m (5-ft) overload on the
approach embankments with a 3-month waiting period
prior to the construction of any substructure units. The
results for the northbound bridge are shown in Figure 2,
Results for the southbound bridge are similar. Settle-
ments of the superstructure were insignificant, The same
procedure was ordered at two other pairs of bridges on
this project, with results almost identical to those for
the Silas Deane bridges. The net savings for the three
pairs of bridges was $250 000, a large amount in 1961,
The above are included in the savings of over $4 million
realized on 33 Connecticut bridges, described at a bridge
conference in 1966 (4, 5).



The definition of tolerable movements depends on
several factors that vary in degree and importance with
conditions at each structure. In special cases, move-
ments might be called harmful but tolerable because the
alternative choices are more undesirable. The chief
factors in defining tolerable movements are

1. Amount of movement—Bozozuk suggests in a paper
in this Record that 10 cm (4 in) of vertical or 5 cm (2 in)
of horizontal movement is the limit of tolerability. Ob-
viously these limits are too low for some cases and too
high for others.

2, Type of structure—This has many varieties due
to the many types of structures, span lengths, and skew
angles. For example, a bridge with short continuous
spans and deep girders will tolerate less differential
settlement than one with long continuous spans and shal-
low girders. Connecticut made a table showing theo-
retical stress increase in girders for two-span continu-
ous bridges of various span lengths, girder depths, and
differential settlements (Table 1). This table was given

Figure 1. 1-91 over Silas Deane Highway.

Figure 2. Foundation settlement: 1-91
northbound over Silas Deane Highway.

@, Overload removed
b Pier + abuiment complele
c.Steel erection complele
d Bridge complete

Note: 1cm=0.39in,

Table 1. Two-span continuous bridges: increase in fiber stress
due to 5-cm (2-in) differential settlement.

Increase in Fiber Stress Due to 5-cm
Differential Settlement (kPa}

0.9 m Girders 1.2 m Girders

Differential At At At At
Settlement Pier Mid-Span Pier Mid-Span

Two 38-m spans
5 cm at pier 9 900 4800 13 100 6 600
5 cm at abut 5000 2500 6 600 3300

Two 27-m spans
5 c¢m at pier 19 300 9700
5 cm at abut 9 700 4800

25 600 12 700
12 800 6 300

Notes: 1 m =33t 1ecm=0.3%in,
Girders have constant moment of inertia,

to those design consultants who wanted zero settlement,
Another feature to be remembered is that a bridge with
a severe skew is more affected by horizontal movements
than one that has no skew,

3. Effect on each part of structure—A common ex~
ample is an abutment and wing walls built and backfilled
as an early operation and allowed to settle. After a
waiting period, the superstructure is erected. Here
the substructure could tolerate large settlements, but
the superstructure could not.

4, Cost of alternative choices—Frequently there is
a question between various designs over the matter of
movements of the structure. One choice of design will
result in appreciable movements and consequent main~
tenance of the structure and another choice will reduce
or eliminate the movements but be more costly. If the
former choice will give only moderately undesirable re-
sults and the latter is very expensive, it is obviously a
waste of money to adopt the latter. Movements involved
in the former are tolerable and should be lived with, and
the reasons made clear to all concerned.

5. Effect on traveling public—This should always be
kept in mind, as the project is built to serve the public.
Examples of adverse effects are ugly cracks in con-
crete at conspicuous locations; poor rideability, es-
pecially at high speed; and inconvenience to traffic during
maintenance on high-capacity facilities.

6. Subjective reasons—Often the designers do not
wish to make detailed studies and calculations where
movements might occur. This may be due to inertia or
to avoid trouble., Consultants may also wish to reduce
their design payroll costs or increase their fee payments
by using the easier, more expensive design.

7. Apprehensions during design—Where the design
engineer does not trust the accuracy of the soils engi-
neer's predictions of probable movements or fears poor
construction operations, he or she may label the pre-
dicted movements intolerable. Actually, the fear is that
the movements may be much greater and hence intoler-
able. It may be added that settlement predictions that
have a 25 percent variance from the actual settlement
are good and predictions having a 50 percent variance
are fair if conditions are not complicated. Predictions
of horizontal movements are more difficult.

SURVEYS AND CASE HISTORIES

Thirty-five states and Canadian provinces responded to
the questionnaire issued by the TRB subcommittee.
Ohio's contribution was its massive 1961 survey of 1525
bridges and its 1975 follow-up on 79 bridges; these are
the subject of a paper in this Record by Grover of the
Bureau of Bridges, Ohio Department of Transportation.
The 19 reporting states west of the Mississippi River
are covered by Walkinshaw's paper in this Record.

The remaining 14 reporting states east of the Missis-
sippi and the Canadian provinces cover a total of 42
bridges. About one-half of these had intolerable move-
ments. About two-thirds had simple spans and one-
third had continuous spans. The embankment at one or
both abutments was nearly always the prime cause of in-
tolerable movements. Such movements were due to
causes such as settlement of embankment, with drag
down if piles were used, lateral pressure against abut-
ment (and piles), and lateral movement of adjacent pier
due to substantial lateral movement of the foundation
soil.

However, remember that some bridges labeled with
intolerable movements may have had harmful movements
that actually were tolerable. As stated previously, these
cases would exist where alternative choices of design
and construction would be excessively costly in money
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2 should be considered not tolerable. placed. Settlement of the substructure before erecting
CT-15 Expressway over Silver Lane, East Hartford, the girders was 10 to 15 cm (4 to 6 in) in the north abut-
was built in 1946 to 1948. The rubbish and peat shown ment and 2.5 cm (1 in) in the south abutment. Shims
in Figure 3 at the north abutment were removed and were placed under the north ends of the girders to bring
replaced by compacted gravel fill and the lower half of them up to plan elevation. Figure 4 shows the largest
the embankment was placed. One year later the bridge shimming, A survey made 24 years later showed that
was built and the final 7 m (24 ft) of embankment was the north ends of the girders had settled an additional

23 to 36 cm (9 to 14 in) and the south had settled 15 to

23 cm (6 to 9 in). Also, the span has lengthened 4 cm
Figure 10. Charter Oak Bridge over Connecticut River, (1.5 in) at its east end and shortened 1 cm (0.5 in) at its
west end (Figure 5). The abutments have a few hairline
cracks. The greater vertical and horizontal movements
were at the east end because of much more fill at the
obtuse (skew) angle of the north abutment and northeast
wing wall and the 16-m (54-ft) fill behind the north abut-
ment. Short piles would have been ineffective to stop or
reduce movements and long piles, over 76 m (250 ft)
long, driven through the clay would have been extremely
costly, Also, the omission of piles allowed the abut-
ments to settle with the approach fill and avoid a bump
at each end of the bridge deck.

1-84 over Hockanum River, East Hartford, was built
in 1963 (Figure 6). As the river was to be relocated,
the embankment was placed across the new location to
grade and allowed to settle for 6 months (see Figure 7).
At that time, settlements were 36 cm (14 in) under the
expressway and 18 cm (7 in) under the midslope of the
embankment. Then excavation was made for the triple-
box culvert, and it was built and backfilled. The box set-
tled 20 cm (8 in) under the pavement and 10 cm (4 in) at
the ends. These settlements were 20 percent greater than
predicted, No distress is observed in the structure,
Piles would have had a net cost of $200 000 at that time.

CT-2 Expressway over Willow St. Extension and
Willow Brook, East Hartford, was built in 1859 to 1960
(Figure 8). First, the Willow Brook box culvert, 192 m
(630 ft) long, was built. Then the embankment was placed
across the entire site to final grade plus 3 m (10 ft
overload and allowed to settle for 6 months. This pro-
duced settlements of 33 and 25 cm (13 and 10 in) at the
north and south bridge abutment locations, respectively.
Finally the bridge site was excavated, and the bridge
was built and backfilled. The north and south abutments
have settled 28 and 20 cm (11 and 8 in), respectively,
with only a few hairline cracks in them. The box cul-
vert settled 51 cm (20 in) under the expressway center-
line and 20 cm (8 in) at 61 m (200 ft) left and right. It

Figure 12. Pile-load test Toap, W ToNE/RRE , had no damage except faulting of 1 to 2 cm (0.5 to 1 in)
results at bridge over ~f—1—1_ m at several expansion joints. The settlements were about
Farmington River. \-\ A | 25 percent greater than predicted. The net saving by
sl “\ j | 2 the omission of piles was $420 000 at that time.
§ \ | A3, = CT-15 Expressway over Folly Brook Boulevard,
L Bl Wethersfield, was built in1941. This is a two-span con-
G "ﬁf tinuous rigid-frame bridge with a 45° skew (Figure9). The
g o pieris on piles that straddle an old brick sewer. The abut-
15[~ R ‘ﬁ ments are on 2 m (7 ft) of desiccated clay overlying 7 m
hoimes. |7 (23 £t) of soft varved clay. Piles for the abutments were
TS0 3'2900’35.&;; 000 deleted at the start of construction due to the steel short-
LOAD IN KG/PILE age during World War II. Four months after the bridge
Notes: 1em =0.39 in, 1 kg = 0.001 ton. was completed and approach embankments were placed,

each abutment had settled 2.5 cm (1in)at the endthat had
an acute angle withthe wing wall and4 cm (1.5in) at the
end that had an obtuse angle. Thrity-five years later,
settlements were 4 and 5 to 8 cm (1.5 and 2 to 3 in), re-

Figure 13. Lateral and vertical
movements of abutments.

Note: 1em=0.39in.
backfiling complete

—

g \ - cbatmant Lo spectively. These are about 35 percent greater than

Oficm settlem. | predicted. These large differential settlements of the
% becklfing compiated :855 continuous frames would result in a substantial increase
g C‘Q"*‘“‘" iy .ogg in steel fiber stress, but fortunately the settlements have
fi ol i occurred over a 35-year period. Consequently, plastic
o L2 em sattlam |y 4 flow in the steel girders relieves much of the effect of

the differential movement. The abutment walls have

KOS AN 1954 AR, opened 1 cm (0.5 in) or less at expansion joints and each



has moved forward about 2.5 cm. These movements are
not very harmful and are tolerable. However, if dele-
tion of the piles at the abutments had been foreseen dur-
ing design, the embankment would have been placed first
and allowed to settle to avoid a potentially intolerable
situation.

It may be of interest to describe the compressibility
of the soft varved clays under the foundations of these
structures. These clays are part of glacial Lake Con-
necticut deposits, Their natural water content is ap-
proximately 50 percent and their resistance (N) in the
standard penetration test is 2 to 4 blows/30 em (12 in).
However, they have been preconsolidated (overcon-
solidated) in their past history to about 1.5 to 2.5 kg/cm?
(1.5 to 2.5 tons /it?) in excess of today's overburden load.
This overconsolidation is indicated by laboratory con-
solidation tests on undisturbed samples and in part by
geological studies. Consequently all or most of the
compression in these varved clays, due to the project
loads, is in the recompression phase and therefore the
settlements are much less than if the clays had not been
preconsolidated.

Turning to cases of movements that are largely or en-
tirely horizontal, Charter Oak Bridge is over the Con-
necticut River, Hartford (Figure 10). Two cases occurred,
one in 1941 and one in 1946, both due to lateral pressures
against piers founded on long piles driven through soft
varved clay. The first case involved piers 9 and 10, which
moved away from each other 2.5 and 7.5 cm (1 and 3 in),
respectively, due to a dike fill 8 m (25 ft) high placed
between these piers. The resulting 10-cm (4-in) in-
crease in span length required considerable adjustment
of the girders when erected the next year; the girders
for this span are barely seated on pier 10. The other
case involved a roadway fill 5 m (15 ft) high placed
some years later between piers 3 and 4. They moved
about 2.5 cm each, causing the joint at the expansion
pier 4 to open 5 em (2 in). This became a hazard in
cold weather—sufficiently so to be photographed for a
front-page article in the evening newspaper. To resist
any further movements, sloping steel raker piles were
installed at both piers. Both of these cases can be con-
sidered not tolerable, as they involved harmful move-
ments that could have been avoided by counterweight
fills placed on the opposite side of each pier without dif-
ficulty.

The final case history concerns a Farmington River
bridge in Simsbury built in 1953. This is a 69-m (224-
ft) single-span through-truss bridge carrying CT-185
over the river (Figure 11). The soil below the footings
is 6 m (20 ft) of brown silt and fine sand overlying 42 m
(140 ft) of fairly firm brown silt; below this is sand. The
structure is supported on 27-m (90-ft) cast-in-place con-
crete piles in Monotube shells. To simulate possible
liquefaction of the soil, the four test piles, before they
were loaded as a group, were surrounded by 27 other
piles. Liquefaction occurred and was dissipated in 2
weeks after the 31 piles were driven, Figure 12 shows
the results of load tests made during liquefaction and
after it was gone. As seen in Figure 13, the abutments
settled 0.5 to 1 ¢cm (0.25 to 0.5 in% and moved toward the
river 6 to 9 cm (2.5 to 3.5 in), chiefly by translation (not
rotation). This shortening of the span by 15 cm (6 in)
was anticipated in design. Figure 13 shows that 7.5 cm
(3 in) of shortening occurred before the superstructure
was erected and 7.5 cm after its erection. Some years
later, at the expansion end of each truss, the rocker base
was shifted 6 cm to make the rocker plumb at mean tem-
perature. This was because the rocker system had not
been designed for an excessive tilting of the rockers.
Figures 14 and 15 show the results after these adjust-
ments, It appears that the movements were slightly

Figure 14. Shift of rocker base.

harmful but tolerable. The cost of shifting the two rocker
supports was small and probably much less than that for
adding a short span with stub (perched) abutment at each
end of the bridge.

SUMMARY AND CONCLUSIONS

The definition of tolerable movement is often complicated
by several factors, including

1. Amount of movement,

2. Type of structure,

3. Effect on each part of structure,
4. Cost of alternative choices,



5. Effect on traveling public,
6. Subjective reasons, and
7. Apprehension during design,

Case histories illustrate that sometimes large move-
ments that cause some harm to a structure must be
called tolerable because alternative choices would be ex-
cessively costly or otherwise objectionable and hence
less desirable. Such situations should be made clear to
all persons concerned, to avoid misunderstandings. Sim-
ilarly, some cases occur where a small movement,
which results in substantial cost to correct the resulting
difficulty, should be labeled intolerable if the movement
could have been prevented by an inexpensive provision in
the design.

In the early stages of design at a structure site, the
factors listed above should be considered. If necessary
they should be studied carefully before making a de-
cision on the location and type of structure, Incentives
to avoid such studies by overdesigning are commonly

known but should not be succumbed to without good cause.

In addition to the necessary structure analyses to de-
termine the effects of foundation movements, the geo-
technical work on which the predicted movements are
based should in many cases be improved. Recommended
ways of strengthening this work are given in Goughnour's
report on the situation in the geotechnical operations in
the state highway departments (§_). In the matter of or-
ganization, he emphasizes that the geotechnical functions
of a department should be combined in one unit, to pro-
vide for unified control of personnel and equipment that
are involved with the same basic geotechnical problems.

In the geotechnical work, probably the greatest need
in predicting structure foundation movements is in im-
proving field observations during and after construction.
These observations should preferably be made by the
geotechnical engineering personnel, They are much
more concerned with the results than are construction
or maintenance personnel., They will use the data di-
rectly to learn how accurate (or inaccurate) their pre-
dictions were and to strengthen their knowledge of their
work. Field observations could include readings on the
structure units, settlement platforms, deeper settle-

ment devices (such as Borros anchors), piezometers,
and inclinometers, all based, of course, on proper bench
marks and reference points.
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Survey of Bridge Movements in the

Western United States

John L. Walkinshaw, Office of Construction and Maintenance, Federal Highway

Administration, San Francisco

The design of bridge superstructures is usually based on the assumption
that less than 26 mm (1 in) of movement will occur within the substruc-
ture. Consequently, the foundation engineer must find soils at a proposed
site of sufficient bearing capacity to limit movement to this small value.
Often the movement criteria will dictate the size or depth of the founda-
tion, thereby increasing its cost needlessly if the criteria established are
too strict. The purpose of this survey is to document field performance
of various structures that have moved and obtain an evaluation as to the
acceptability of these movements by various state highway agencies. The
35 structures reported in this paper include 54 movements of structural
elements. Sixty percent of these represent movements at the abutments
and 40 percent represent movements at piers. Although some very large
vertical movements were reported tolerable for some of the older struc-
tures, movements in excess of 63 mm (2.5 in) within the structure were

usually considered objectionable from a rideability viewpoint. Horizontal
movements in excess of 50 mm (2 in) usually caused structural distress
that was considered harmful. Recommendations are made to improve
reporting procedure and make use of available material. Emphasis is on
more thorough involvement between designers and maintenence crews

in solving movement problems.

This survey attempts to establish criteria that would de-
fine, from a practical viewpoint, tolerable movement of
highway structures. Advances in our prediction tech-

niques for soil movements based on new sampling, test-
ing, and analysis techniques have often been undermined



by unrealistic design tolerances in the superstructures.
The often heard, "We cannot tolerate more than one

inch [25 mm]," from the structural engineer imposes

an upper limit on movement that, on many occasions,
leads to an overly conservative foundation design or un-
desirable superstructure characteristics, such as joints,
which cause poor riding and difficult maintenance, Of
interest for the survey are (a) horizontal and vertical
movements of piers and abutments, (b) the type of struc-
ture, (c) the construction sequence, (d) the effects of the
movements on the structural elements, and (e) an evalu-
ation by the reporting agency of whether the observed
movements are considered tolerable.

LITERATURE REVIEW

The design of structures based on static and stress
analysis concepts has led to the development of stan-
dards or guidelines often used in the design of founda-
tions. A review of the failure criteria in some of our
most commonly used pile-load test procedures, for ex-
ample, reveals usually low allowable movements of the
pile head before the load test is stopped or declared a
failure.

In the Standard Specifications for Highway Bridges
of the American Association of State Highway and Trans-
portation Officials (AASHTO) (1), a load test is con-
sidered to be a failure if after the continuous application
of twice the design load for 48 h the net settlement of the
pile head after unloading exceeds 6.35 mm (0.25 in). The
standards of the American Society for Testing and Ma-
terials (ASTM) for static load tests for the years prior
to 1969 gave little guidance as to failure criteria and
generally only described a rather slow testing procedure
to twice the proposed design load.

The drawbacks of some of these standard testing pro-
cedures prompted some agencies to research for quicker
testing methods and different failure criteria in the early
1960s. The development of a quick test method by the
Texas highway department is described by Fuller and
Hay (2) and more recently promoted in a user's package
form by Butler and Hay in a Federal Highway Adminis-
tration (FHWA) implementation package (3). In this
package, it is recommended that the piles or drilled
shafts be loaded to plunging failure. Interpretation of
the results of these tests is then based on the intersec-
tion of two tangents to the load-settlement curve and the
safe design load found by applying an appropriate safety
factor. With this information and a good knowledge of
the subsurface conditions, economical and safe founda-
tions can be designed.

Some of this pile-load test research work has led to
the establishment of new standards and failure criteria
as published in ASTM D1143-74 (4). Under article 4.5,
which describes the constant rate of penetration test, it
is recommended that the load required be held to achieve
the specified penetration rate until the total penetration
is at least 15 percent of the average pile diameter or
diagonal dimension. Article 4.7 describes briefly the
quickload test without any discussion of failure criteria,
and article 4.8, which describes the settlement con-
trolled method, states that the test is complete once the
total pile-butt settlement equals 10 percent of the aver-
age pile diameter or diagonal dimension.

Note that none of the above failure criteria takes into
account the length of the pile tested or its material com-
position., More work is needed in this area to provide a
more engineered approach to interpretation of pile-load
tests. Also of concern (as will be seen from the results
of the survey) should be the lateral forces that are im-
posed on the foundations by the structure and surround-
ing soil. Again, structural analysis can give us good

estimates of the lateral loads imposed by the super-
structure, but many unknowns still exist as to the lateral
loads generated by lateral movements of consolidating
soils, for instance.

Some case histories in the literature show that ex-
cessive moments can be introduced into pile foundations
due to consolidation of an adjacent embankment. Such
a case is described in the proceedings of the 5th Inter-
national Soil Mechanics and Foundation Engineering
(ISMFE) conference (5) and followed up in the 6th ISMFE
conference proceedings by Heyman (6). In the proceed-
ings of the 8th ISMFE conference (7), another case his-
tory describes measurements made on piles subjected
to both negative skin friction and lateral soil pressures.
It is stated that the degree of consolidation of the soft
layer had practically no effect on the magnitude of the
maximum negative skin-friction load measured, which
reached 54 Mg (60 tons) for some piles. On the other
hand, the degree of consolidation was of great importance
in reducing the maximum movement occurring in the
foundation piles.

An example of another case history that supports the
above conclusions was reported by Nicu, Antes, and
Kessler (8) on a structure in Allamuchy, New Jersey.
There one of the abutments was monitored during con-
struction and backfilling operations and compared to the
other abutment, which was backfilled at a slower rate,
Considerably less lateral movement of the abutment oc-
curred after some consolidation of the soft layer. This
demonstrated clearly the value of this method in reduc-
ing horizontal movements.

In 1972, Marche and LaCroix (8) published their
analysis of the stability of abutments founded on piles
driven through soft soil layers for 15 different struc-
tures, These structures included some of the above
case histories and some reported by Stermac, Devata,
and Selby (10). Their results describe the influence of
the type of abutment on the direction of movement rela-
tive to the superstructure, the relative stiffness of the
pile-soil system, and the degree of loading imposed by
the embankment.

Generally, movements became large if the embank-
ment loading produced an increase of stress larger than
three times the undrained shear strength of that soil at
the surface of the consolidating layer. Documented fail-
ure occurred when the loading approached 5.14 times the
undrained shear strength, Recommended solutions to
this problem consist principally of either reduction of
the load at the abutment by the use of lightweight fill or
preconsolidation of the soft layer. Alternatively, from
a structural standpoint, designing the structure to ac-
commodate the anticipated movement may, in some
cases, be more economical than to try and prevent it,

FIELD SURVEY

In September 1975 a survey questionnaire was sent to
the highway departments of the 17 states shown in Fig-
ure 1, The information requested was to be completed
on a prepared form from case histories documented in
the agency's files.

As a guideline, the following definition of intolerable
movement was given in the questionnaire: Movement is
not tolerable if damage requires costly maintenance or
repairs and a more expensive construction to avoid this
would be preferable. Ten states gave information on a
total of 35 structures; six states replied that this infor-
mation was not documented in their files.

A list of the reported movements is given in Table 1.
These represent movements of 54 structural elements,
abutments, or piers in 35 highway bridges. These move-
ments were divided into three classifications: (a) toler-



Figure 1. States surveyed.
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Table 1. Movements of structural elements reported.

Simple Span Continuous
Abutments (mm) Piers (mm) Abutments (mm) Piers (mm)
Movement Vertical Horizontal Vertical Horizontal Vertical Horizontal Vertical Horizontal
Tolerable
1 Direction 125, 38 63,* 150 50 125,50 75to 88, 25
50,25 63 88, 25,
450, 25 38, 38
13
2 Directions 25 50 13,75 25,25
Intolerable,
poor riding
1 Direction 225,225 200 63,150
300
2 Directions 125 25 450 87
Intolerable,
structural
damage
1 Direction 75 50,* 350, 50 to 125, 50, 50 to 757
75 to 125 25to 50, 50,75
150, 163
200 to 250
2 Directions 600, 50 13,75, 600,° 100 150, 25, 63, 38 200, 50 13 25 to 88
400, 425 25,63 225 25

Note: 1 mm = 0.04 in
“Vertical heave

able movements, (b) intolerable movements but only poor
riding characteristics were cited, and (c) intolerable
movements that resulted in structural damage. Each of
these classifications was subdivided into one-direction
and two-direction movements to indicate structural ele-
ments for which only vertical or horizontal movement
occurred and others where both occurred. When both
occurred, each structural element is represented by two
numbers, one in the vertical column and one in the hor-
izontal column, and listed in sequential order in each
column. When differential movement was reported, the
range is shown. Not all vertical movements were down,
but significant heaves are also included in this table.
Most of these unusual movements were due to frost or

ice action on the foundations.

A review of the data shows a surprising range of val-
ues in each classification, Tolerable movements were
reported for 11 abutments and 12 piers. Vertical dis-
placements in this group varied from 13 to 450 mm
{0.5 to 18 in) and horizontal movements were limited
to a maximum of 50 mm (2 in). Much less movement
was tolerable when both occurred together and the max-
imum reported was for an abutment that settled 75 mm
(3 in) and moved horizontally 25 mm (1 in).

The second classification—intolerable movements,
poor riding—was chosen in an attempt to define a
consumer-related measure of tolerability. Eight ele-
ments are in this category; six were vertical settle-



Figure 2. Condition items of FHWA survey inventory and appraisal sheet.
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Recording and Coding
Guide - July 1972

Commentary on July 1972 Coding Guide

8IT Course Coding

needed to reopen

Bridge conditions
9 |beyond repair -
danger of fmmediate
collapse

Bridge closed. Inspection indicates that bridge conditions
are beyond repair and in danger of immediate collapse.
Keep bridge closed.

Bridge closed.
Bridge conditions
beyond repair.
Danger of immediate
collapse.

Unabridged Abridged
3 THew condition New condition New condition The item is in new or
Good good condition with no
repairs necessar.
Good condition - No repair necessary. HNo sign of distress or deterioration Good condition = B S/
8 Ino repair necessary no repair necessary
Minar items in need A defective or deteriorated secondary member, that will not Minor items in need
7 |of repair by progress to a serious defect if not repaired within a of repair
maintenance forces reasonable period of time. Most preventative maintenance is The item is still
in this category. erforming the function
Fair ‘} hich it
— or which it was
Major items in need A defective or deteriorated main supporting member or support Major items in need intended. A minor or
of repair by system vital to the structural integrity of the bridge. Includes of repair major item is in need
6 |maintenance forces any pronressive deterioration that can be arrested by maintenance of minor repair
repairs such as concrete cracking that can lead to rebar corrosion
and steel cracks and corrosion that can lead to possible failure.
Major repair - Same as 6 except that the extent of deterioration is greater and Major rehabilitation
g5 |contract needs to repair could require complicated and/or extensive procedures, needed
be let The item is still
performing the function
Minimum adequate to The structure can marginally support loads from unrestricted legal Marginally adequgte to for_which it was
tolerate present Joad and posting should be considered. Continued observation tolerate unrestricted Poor intended but at a
4 traffic, immediate indicates that failure is not progressive under restricted loading. legal Toads - consider minimum level. The
rehabilitation This rating is relative to the class of loading using the bridge. restmctmg_trafﬂc item concerned is in
necessary to keep This rating applies only to major components or elements. and/or posting fer less need of major repair
open than maximum leqal
loads
Inadequacy to tolerate Major structural element deteriorated or damaged so as to reduce Inadequate to tolerate
present heavy load - its capability of carrying trucks. Allow 1ight loads only if legal loads. Post for
3 |warrants closing stress check warrants and continued observation indicates failure light Toads
bridge to trucks is not progressive under these light Toads.
Inadequacy to tolerate lNajor structural element deteriorated or damaged so as to reduce Inadequate to tolerate
2 |any 1ive load - its capability of carrying any loads. Stress check indicates any live load. Warrants
warrants closing structure cannot support any live load. Bridge should be closed. closing bridge to all
bridge to all traffic traffic
i . . The item is not
Bridge repairable, Bridge closed. Inspection indicates that bridge can be Bridge closed. oy performing the
1 |if desirable to reopened with a complete rehabilitation. Complete Critical function for which
reopen to traffic rehabilitation it was intended



et
<

ments only, which varied from 63 to 300 mm (2.5 to 12
in). The other two are abutments where two-directional
movements reached a maximum of 450 mm (18 in) ver-
tically and 87 mm (3.5 in) horizontally. However, of
more significance is the lowest value of vertical settle-
ment reported intolerable from a rideability viewpoint,
In this case it is 63 mm. This is a reasonable value
because more than half of the tolerable vertical move-
ments are at or below this displacement.

The third classification includes the remaining 23
structural elements reported. For each of these, some
form of structural damage occurred as a result of the
movements. In this group, vertical displacements varied
from 13 to 600 mm (0.5 to 24 in), including some cases
of vertical heave that equaled the maximum value re-
ported. One-half of the displacements in this classifica-
tion involved two directions. Horizontal movements
were in many cases the cause of the damage to the struc-
ture. These ranged from 25 to 200 mm (1 to 8 in). Most
of them were 50 mm (2 in) or more. This last value ap-
pears to be an upper value of tolerability, especially
when movement is toward the deck and reduces the
clearance for temperature expansion.

A review of the possible influence of the construction
sequence on the movement of the abutments showed that
21 of the 27 abutments for which the construction se-
quence was known were built by first building the em-
bankment, then the substructure, and then the super-
structure. Of these movements, 10 were vertical only,
5 were horizontal only, and 6 were a combination of both.

The majority of the embankments were between a
height of 3.6 and 7.1 m (12 to 30 ft) but otherwise varied
from a low of 1.2 m (4 £t) to a high of 21,3 m (70 ft).

A review of the boring information made available for
many of the structures showed that at nearly every sitea
layer of loose fine sand, sandy silt, or silty clay existed
beneath the bridge approaches prior to construction. Only
three sites described soft clays from which long-term
consolidation problems could be anticipated.

It appears that the possibility of consolidation was
recognized because 23 of the 32 abutments were on pile
foundations. However, only eight movements were con-
sidered tolerable, so the piles were probably underde-
signed for either the lateral loads or negative skin fric-
tion loads applied to them by the embankment. Unfortun-
ately, it is not known how many construction projects
included waiting periods between the bridge approach
construction and bridge foundation construction. It
seems that in most of these cases it was insufficient.

Following the receipt of these data and looking for a
way to expand the number of case histories submitted,

I became aware of the Structure Inventory and Ap-
praisal of the Nation's Bridges program. This inven-
tory was initiated by FHWA in 1972 in order that an ac-
curate report might be made to Congress on the number
and condition of the nation's bridges. Each state was
requested to inventory all the bridges carrying and going
over federal-aid highways. However, complete in-
spection was not mandatory. In July 1972 a recording
and coding guide (}l) was provided to the states as an
example of the data base needed for the final report.
Clarification of some items in the recording guide was
made in July 1977 (12) as part of this continuing program.
The data collected for each structure are summarized
and reported to the FHWA in a structure inventory and
appraisal (SI&A) sheet.

An extract of the SI& A sheet, which rates the condi-
tion of the structure, is shown in Figure 2. The rating
system used for items 58 through 62, plus item 65, is
shown in Figure 3, As can be seen from Table 1, this
type of rating system does not allow the reviewer to de-
termine if any down rating of the substructure (item 60)

is due to movement or to other causes. This is unfor-
tunate, because this type of information would be of in-
terest to the foundation engineer for future designs.

RECOMMENDATIONS

Although this survey was limited in scope, it points out
some important facts about the difficulties that exist in
determining tolerable movements for various structures
designed. Accurate movement data are difficult to ob-
tain. Some agencies claim that this information is not
kept in their files or are unwilling to part with this in-
formation. Some states, on the other hand, have quan-
tities of data in their maintenance files but, because the
bridge is complete from a construction point of view, de-
sign information must be obtained from one or more
other offices within the agency.

Another problem is the reliance that one has to make
on the memory of a few individuals to locate case his-
tories of structures with movement. The ones that are
remembered are usually only those structures that have
had major movements, which caused some kind of struc-
tural distress. It would appear beneficial to develop a
classification and retrieval method so that the designer
can evaluate the performance of previous designs. In
this age of rapidly rising construction costs it is im-
portant that geotechnical engineers and designers have
all the information needed to design a safe and economi-
cal foundation without costly overdesign to take care of
uncertainties.

From the values reported in the survey, horizontal
movements were the most critical. Structural distress
was usually reported if 50 mm (2 in) or more occurred.
Vertical movements were reported tolerable up to some
very high values but poor riding characteristics were
mentioned once the settlement exceeded 63 mm (2.5 in)
within the structure or approaches, for high-design road-
ways. Detrimental movements of smaller magnitude
were reported when both horizontal and vertical dis-
placements occurred simultaneously, These values ap-
pear to be reasonable limits for many structures as tol-
erable movements.

Since a large percentage of the abutment movements
reported were founded on piles installed through in-place
embankments, a closer look at probable embankment
movements should be made during the investigation and
design stage of the bridge approaches. Very little set-
tlement of the embankment relative to the pile is needed
to impose large negative friction loads and bending mo-
ments on the piles.

When the abutments are founded on piles installed
through a thick layer of soft deposits, the geometry of
the abutment will have an influence on the direction of
the horizontal movements. Appropriate design features
should be incorporated in the design to minimize damage
to these structural elements.

Geotechnical engineers and designers should be in-
volved early in monitoring of movements detected by
bridge inspections. Field instrumentation installed at
an early stage to detect direction and depth of movement
provides invaluable information to the engineer for the
design of correction schemes if necessary.
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Discussion
Jack H. Emanuel, University of Missouri, Rolla

This paper, as well as the one by Grover in this Record,
is an excellent presentation that provides an interesting
account of the variability in the movement of piers,
abutments, and approach slabs and in the relative effects
of the magnitude of vertical and horizontal movements
on ridability.

The effect of these movements on the bridge super-
structure is of real concern to structural engineers.
Differential vertical movements of piers and abutments
may induce large support reactions and internal stresses.
Differential horizontal movements require expansion
supporting devices as well as deck expansion devices.
The failure of these devices to function as intended in
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their design requires consideration of induced stresses.
Many cases of abutment movement have resulted from
the growth of approach slabs, the compaction or settle-
ment of the approach fill, or the freezing of support or
expansion devices.

The approaches of a number of bridges in California
have been studied by Jones (13), who reported that more
approach patching is required for closed-abutment
bridges than for open-end structures. Examples of
typical approach slab action and approach slab-pavement
interaction are given by Strom (14).

A study of the annual movement of approximately 231
expansion joints (80 structures) in various climatic en-
vironments was made over a 3-year period by Stewart
(15). His conclusions include (a) structures with regular
expansion facilities at the abutments will have a higher
average movement per unit length than will those that
have no abutment expansion facilities; the larger the
number of expansion joints in a structure, the less sig-
nificant is abutment expansion; and (b) uniformly spaced
expansion joints on long structures do not necessarily
have the same movement,

In an effort to eliminate the settlement of approach
slabs and the excessive movement of abutments (condi-
tions that frequently result in broken abutment backwalls
or the closing of expansion devices), many states have
experimented with granular backfills, predrilling for
piling, and stub abutments (16).

The general failure of expansion supporting devices
to function as intended becomes apparent when they are
observed in the field. During the summer of 1961, I
conducted field observations of the behavior of bridge
supporting and expansion devices on bridges located in
Towa, Kansas, and Nebraska (16). General limitations
for observation were that the bridges should have three
or more spans, either simply supported or continuous.
The span lengths were usually 15.2 m (50 ft) or more.

Of the 83 bridges tabulated, 39 had irregularities. Many
of them had floor expansion devices that either had closed
tight or had much less provision for further expansion
than designed for at the observed temperature. Shifting
of abutments, spalling and cracking of abutment back-
walls, inconsistent rocker movement, cracked concrete
bearing seats, and extrusion of asphaltic expansion joints
were common observed irregularities. However, there
appeared to be no direct relation between abutment move-
ment and the age of the structure, type of approaches,

or type of supporting or expansion devices. From the
bridges observed, no definite trend or regularity of pat-
tern could be isolated nor could a prediction be made as
to which irregularity will occur or when it will occur.
For example, both closed and open floor expansion de-
vices were observed on bridges with concrete, asphalt,
and gravel approaches. Similarly, evidence of abutment
movement and irrational rocker movement was ob-
served for all types of approaches and heights of ap-
proach fill. There were irregularities in both old and
relatively new bridges.

To eliminate the problems of expansive supporting
devices, one state highway department {circa 1950) began
tying the superstructure to flexible piers and stub abut-
ments. In 1934, a three-span, 57.9-m (190-ft), con-
tinuous steel beam bridge was constructed that utilized
this type of construction. A single row of vertical piling
with a concrete cap was used at the ends of the bridge,
and a separate retaining wall was spaced 1.9 cm (0.75 in)
at 27°C (80°F) from the end of the bridge. The concrete
center piers rested on two vertical rows of piling. No
roadway expansion device other than mastic was used,
The bridge, which had had no maintenance except an oc-
casional painting of structural members, had been sub-
ject to almost yearly flooding, and had supported a great
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increase in traffic over the years, was in very good con-
dition when observed in 1961 (16). Interest in and use
of superstructures tied to flexible piers and stub abut-
ments has continued to grow and is essentially limited
only by the lack of suitable design criteria (17, 18, 19, 20),

Preboring for abutment piling is now commonly uséd.
The paper reports that the possibility of consolidation
apparently was recognized because 23 of the 32 (re-
ported) abutments are on pile foundations. It is un-
fortunate that the respondents did not identify whether
or not the pilings were prebored so that a comparison
of abutment movement could be made. It also would be
interesting to know whether the abutments are rigid high
abutments or the spill-through type. It is believed that
the influence of preboring, type of abutment, and
superstructure-substructure interaction (connection),
if known, would be reflected in modifications to Walkin-
shaw's recommendations,

In structural considerations, the effects of differential
vertical movement and the restraint of horizontal move-
ment should be compared and interrelated to thermally
induced stresses [which may be significant (21, 22, 23)]
in addition to the live-load stresses. Such analyses can
be readily calculated by any highway bridge design group.
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Movements of Bridge Abutments and
Settlements of Approach Pavements

in Ohio
Raymond A. Grover, Ohio Department of Transportation

The Ohio Department of Transportation experienced intolerable move-
ments of bridge abutments and adjacent approach slabs within a short
time after construction of a new highway facility. Two accurate field
surveys measured the extent and magnitude of the settlements against
the data on embankment heights, subsoil conditions, type of abutment
design, and other conditions. The first study, in 1961, indicated that
90 percent of the surveyed bridge abutments had settlements of 10 em
(4 in) or less and only 20 percent of the settlements were 2.5 cm {1.0
in) or less. In most cases, the abutments were supported on spread
footings, without piles, in the approach embankment. Major revisions
were incorporated in the design and construction specifications. The
two most important ones were the use of piles at the abutments and the
increase of compaction requirements for the embankments. The second
survey was conducted in 1975 to evaluate the revised policies. These
data indicated that 70 percent of the surveyed bridge abutments had no
measurable settlements and 20 percent had minor settlements even though
supported by piling. Generally, the measured settlements were within

tolerable limits. In 1961, the average approach slab settlement was 6.5
cm (2.5 in) and in 1975, the average approach slab settlement was 5.0
cm (2.0 in).

By theend of 1960, the Ohio Department of Transportation
had completed a large portion of their Interstate highway
system as well as the construction of other major high-
way facilities. This construction program included hun-
dreds of kilometers of new highways and hundreds of
new bridges. Over 90 percent of the bridges were steel
beams or girders of multiple spans with continuity over
the piers, as shown in Figure 1.

Within 1 to 3 years after construction intolerable
movements (vertical settlements and horizontal displace-



Figure 1. Steel beam bridge—continuous over piers.

ment) occurred at many bridge abutments and the adja-

cent approach pavements. The movements were con-
sidered intolerable because of the magnitude of the ver-
tical settlements and the resulting dangerous and uncom-
fortable riding characteristics to the trucking industry
and the private automobile. These settlements also
caused an undesirable increase in the stresses of the
superstructure, particularly over the pier area nearest
the abutment. The horizontal movements decreased the
efficiency of thetemperature expansionjoints at the abut-
ments, often to a value of zero. When the expansion
joints closed completely, additional compression
stresses were transmitted to the superstructure, physi-
cal damage occurred to the abutment backwall, beam or
girder bearing devices were distorted, and approach
slabs were cracked. Maintenance costs and problems
such as these so soon after construction of the highway
were a serious concern.

The most extreme example of vertical settlement oc-
curred on a structure where the approach embankment
height was 17 m (58 ft), the overburden soils were soft
wet silts and clays that had a thickness of 3 m (10 ft),
and the underlying bedrock was a hard shale. The plans
required the removal of all soil overburden such that the
embankment would be built and supported directly on the
shale bedrock. The plan requirements were fulfilled
and the embankment fill was constructed of materials
from an adjacent shale and sandstone roadway cut sec-
tion. The bridge abutment was supported by spread
footings (no piles) seated in the approach embankment.
Before completion of the construction project, the abut-
ment bearings needed to be shimmed 4 c¢m (1.5 in) due
to consolidations within the rock embankment. During
the next 15 years, the settlements continued; total ac-
cumulated amounts were more than 30 cm (12 in) in the
roadway pavement and the bridge abutment. Three
maintenance projects were needed in this time period
to correct the settlements and repair the abutment (the
last project removed the damaged abutment and rebuilt
a new abutment supported on caissons drilled through
the embankment into bedrock). This experience is ob-
jectionable and expensive.

In general, the field construction procedures for all
projects were in reasonable conformance with the plan
and specification criteria. This included the construc-
tion of the embankment, the controlled rates of embank-
ment construction, the specified waiting periods between
the completion of the embankment and the construction
of the abutment, andthe time relation between placing
superstructure concrete versus the concrete abutment
backwall.

STATEWIDE SURVEY: 1961

To define the extent and causes of the problem more
clearly, a statewide survey was conducted in 1961 (l).
The survey included accurate measurements of actual
vertical settlements, lateral movements, abutment dam-
age, and condition of expansion joints where significant
settlements had occurred at bridges completed between

the years 1955 and 1960.

The 12 district offices conducted the survey and no
criteria were given to define significant settlement.
Probably, noticeable or undesirable responses to a per-
son riding in an automobile over the bridge approach
area determined which bridges in the district would be
included in the survey. In other words, the riding char-
acteristics were probably tolerable or intolerable to a
particular individual.

The existing (measured) roadway approach and bridge
profiles were compared with the plan profiles to deter-
mine the amounts of settiement. These data were re-
lated to embankment heights, existing subsoil conditions,
length of waiting periods, type of abutment design (piles,
no piles, pile type), amounts of lateral movements, or
other unusual conditions. Figures 2, 3, and 4 show
typical data and plotted survey profiles.

During this 5-year period, Ohio constructed over
1500 bridges. The abutments of approximately 500 of
these bridges were located in a roadway approach em-
bankment that had a height of 5.5 m (18 ft) or more. The
survey reported 75 bridges that had significant settle-
ments, but profiles were furnished for only 68 bridge
sites (133 abutments); most of the abutments were lo-
cated in embankment fills of more than 5.5 m (18 ft) in
height. Figure 5 shows these data and whether the abut-
ments were designed with or without piles.

At the time of the 1961 survey, about 90 percent of
the 133 abutments were below plan grade by 10 cm (4 in)
or less and about 20 percent were below plan grade by
2.5 cm (1.0 in) or less.

Prior to the survey, steel shims had been placed
at 28 of 133 abutments under the abutment bearing de-
vices to correct settlements that occurred during or
shortly after construction. Figures 6 and 7 show the
two common bearing devices used in Ohio, one consisting
of sliding steel bars and the other consisting of a fabri-
cated rocker, but the sliding device has been shimmed
6.5 cm (2.5 in). When the bearing devices were
shimmed, an unsightly differential displacement between
the abutment and the superstructure was the end result,
as pictured in Figure 8.

Often when vertical settlements occur at the abut-
ments, the abutments will also have horizontal displace-
ments. These horizontal movements will be toward the
superstructure. In certain instances, especially when
the abutments are supported on spread footings, the
horizontal movements will be so severe that the steel
beams will contact the concrete abutment backwall, and
the backwall will sustain structural damage. When long-
term and significant settlements are anticipated during
the design stages but will not occur until after the high-
way is opened for traffic, the steel beams in the end
spans can be hinged to avoid superstructure damage from
settlements. These hinges probably will not accommo-
date horizontal movements. Figure 9 indicates a bearing
device that has moved 7.5 ¢m (6 in) vertically and 5 cm
(2 in) horizontally.

For the 28 above-noted abutments, 15 had total settle-
ments (including thickness of shims) of 10 cm (4 in) or
less, 9 had total settlements of 10 to 30 cm (4 to 12 in),
and 4 had total settlements of more than 30 cm (12 in).
Below is a tabulation of settlements, which includes
settlements corrected prior to the 1961 survey (1
e¢m = 0.4 in).

Amount Below Number Amount Below Number
Plan Grade in of Plan Grade in of

1961 (cm) Abutments 1961 (cm) Abutments
0to 25 28 15.0 to 25.0 4
25t07.5 79 o

7.5to0 15.0 22 Total 133
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nance were extensive. Revisions to the construction
specifications and design policies were mandatory. Sev-
eral recommendations were offered to improve the de-
sign and construction procedures. The department
adopted the most important ones.

The design revisions would dictate the use of piles
at all abutments located in embankment fills. The piles
must penetrate through the fill into a firm subsoil stra-

Figure 7. Sliding plate bearing.

tum even if preboring of holes was necessary. The
plans would require a more positive lateral drainage
system behind the abutment and a greater use of settle-
ment platforms and piezometers for monitoring the ap-
proach embankment when the underlying soil strata were
compressible with anticipated consolidations.

The revision to the construction specifications was to
increase the compaction efforts in constructing the em-
bankment. For soil, the compactive density would be
based on a laboratory dry weight as high as 102 percent
of AASHTO T99. For shale and rock materials, the re-
quired loose-layer thickness would not exceed 20 cm
(8 in), the moisture content would be controlled, and
each layer would have six coverages of a fully ballasted
roller.

STATEWIDE SURVEY: 1975

In 1975, another survey of all parts of the state was
conducted to evaluate the revised design and construction
policies (2). Each district was requested to furnish a
profile of several bridges and adjacent approach pave-
ments whether or not settlements were noticeable. The
given conditions were (a) the bridge should have been com-
pleted between 1964 and 1974, (b)the approach embankment
height was 4.5 cm (15 ft) or more, (c) the abutments
were supported by piles, and (d) the extent of lateral or
rotational movements should be indicated.

Profiles for 79 bridges were submitted where the
abutments were supported by either cast-in-place rein-
forced concrete piles or steel H-piles. For these 158
abutments, 71 percent had no measurable settlements
and 19 percent had measurable settlements even though
supported by piles. Of the 19 percent, 22 abutments were
supported by friction piles and 8 were supported by steel
H-bearing piles driven to bedrock. Only 6 percent of
the abutments had settlements of more than 2.5 cm (1 in)
and only one abutment had a settlement of more than
5 cm (2 in). Inthe 1961 survey, 55 percent of the abut-
ments had settlements greater than 5 cm. An interesting
observation should be carefully noted here but is seldom
believed by most engineers: The use of piles at abut-
ments located in a roadway embankment is not an as-
surance that there will be no settlement of the abutment.
In Ohio, piles will considerably reduce the amount of
abutment settlement versus an abutment design that does
not include piles. Even when settlement of a pile-
supported abutment occurs, the actual amount is prob-
ably within tolerable limits.

A phenomenon was measured in the 1975 survey that
did not appear in the 1961 survey. At 10 percent of the
abutments, the profiles showed that the existing field
elevations were above plan gradefrom 1.0 to4. 0cm (0. 5to
1.5 in). No rational explanation can be offered to ex-
plain these data. Two districts noted the occurrence of
a few rotational or lateral movements of approximately
5 cm (2 in). Figure 10 shows a comparison of abutment
settlements between the 1961 and 1975 surveys.

The difference in performance of the two abutment
types (supported by piles or spread footings) can also
be seen by a comparison of Figures 11 and 12. Devia-
tions from the 1:1 slope line indicates differential set-
tlements between the abutment and the end of the ap-
proach slab. Differential settlements are more com-
mon for the pile-supported abutments— 63 percent of the
cases exceeded 2.5 cm (1 in). In the differential set-
tlements for abutments supported by spread footings,
only 31 percent of the cases exceeded 2.5 cm.

This aspect of fewer differential settlements may ap-
pear desirable from a rideability aspect but is unsatis-
factory from other aspects such as total settlements,
lateral movements, and maintenance costs. Although
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Figure 10. Comparison of abutment settlements.
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the differential settlements between the abutments on
spread footings and the approach slabs were less than
the abutments on pilings, the total settlements of the
abutments on spread footings were of a much greater
magnitude.

The improvement of the settlements at the end of the
158 approach slabs away from the abutments was not
nearly as striking as the improvement of the abutment
settlements. The data indicate that 10 percent of the
approach slabs had no settlement in 1975 and 8 percent
had no settlement in 1961. In 1975, 68 percent of the
approach slabs had settlement from 2.5 to 7.5 cm (1
to 3 in); in 1961, 62 percent were in this range. In
1975, 12 percent of the approach slabs had settlements
of more than 7.5 cm whereas in 1961, 31 percent had
settlements of more than 7.5 cm. The 1975 survey
measured a maximum approach-slab settlement of 14 cm
(5.5 in), but the maximum measured amount was 23 em
(9 in) in 1961. Figure 13 shows a comparison of the
approach-slab settlements for the two surveys.

The average approach-slab settlement was 5 cm (2 in)
in 1975, but the average settlement was 6.5 cm (2.5 in)
slabs having settlements of more than 2.5 ecm (1 in), in
the 1961 survey. With about 70 percent of the approach
this may seem unreasonable. No assessments have

Figure 12. Performance of abutments on spread footings.
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been made between the cost of plan requirements to
significantly reduce the amount of approach-slab set-
tlements versus the maintenance costs to repair these
roadway settlements. If maintenance costs are the
lesser amount (which is probably true) then these
approach-glab settlements might be considered
reasonable.

Like the abutments, 10 percent of the approach slabs
were above the plan profile in the 1975 survey. Perhaps
this phenomenon may be attributed to frost heave because
the field measurements were made during the winter
season.

CONCLUSIONS

A research project conducted by the University of Akron
and sponsored by the Ohio Department of Transportation
concerned an evaluation of bridge approach design and
construction techniques (3). This project found that the
correlation between the bridge approach performance
and the design and construction parameters studied were
very poor. The investigators could not relate with any
reliability conditions that were associated with either
generally satisfactory or unsatisfactory bridge approach
behavior. Figures 14 and 15 show the scatter of data
and poor correlation for two different types of param-
eters that were studied.

Figure 14 shows the relation between settlements
(differential settlement between the end of the approach
slab and the abutment) and the height of the approach
embankment. There is no general correlation, and, in
fact, the greatest settlements did not occur with the
highest embankment heights.

Figure 15 relates the same differential settlements
with a settlement index, where the settlement index
incorporates several effects but essentially is an
anticipated consolidation of the existing foundation soils.
The greater the value of the settlement index, the more
plastic the subsoils. The data of the graph are random:
Nonplastic soils indicate settlement distress as great
as that with cohesive soils.

After several years of observing and measuring set-
tlements at bridge approaches, I believe that settlements
of 2.5 cm (1 in) or less can be classified as tolerable
and will hardly be noticed by the traveling public when
tempered by an approach slab. Also, this amount of
settlement will probably cause no damage to the bridge
superstructure or substructure. Settlements of 5 to 7
cm (2 to 3 in) will be noticeable to the person in the
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Figure 13. Comparison of approach slab Figure 15. Differential settlement versus settlement index.
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Bridge Foundations Move

M. Bozozuk, Division of Building Research, National
Research Council of Canada, Ottawa

The postconstruction performance of several hundred bridges in the information for the planning of remedial work and the practical design
United States and Canada was related to the measured movements of of new bridges. A classification of movements for bridge foundations is
their foundations. The results, presented graphically, indicate the range proposed.

of vertical and horizontal movements and consequently provide realistic
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In 1975 the Transportation Research Board Committee
on Foundations of Bridges and Other Structures con-
ducted a performance survey of existing bridges in the
United States and Canada to determine the foundation
movements that could be tolerated by a structure. A
questionnaire, which was similar to one used in a 1967
survey, was sent to all highway departments, bridge de-
partments, public works agencies, and research organi-

zations in every state and province in thesetwo countries.

The following information was requested for each case:
type of bridge, description of the foundations for the
abutments and piers, description of the subsoils, the
magnitude and description of foundation movements, the
kind of maintenance required, and whether or not the
movements were tolerable. The satisfactory response
to the survey yielded a considerable amount of informa-
tion covering most of the bridge, foundation, and soils
combinations in North America.

SURVEY INFORMATION

On this continent there are literally thousands of bridges
of all sizes, designs, and ages, which are supported on
various foundations and soils, Only a limited number of
meaningful measurements of foundation movements and
assessments of the performances of the structures were
obtained from the survey; however, it was clear from
the answers given that where little maintenance was re-
quired, the performance was rated tolerable, no matter
how little or great the movements. Where considerable
maintenance or repairs were required, all movements
were rated not tolerable. A detailed discussion of these
movements is reported by Keene in a paper in this
Record.

The engineering performance of the bridges was di-
rectly related to the extent and kind of movement to
which the abutments, piers, and foundations were sub-
jected after construction. As there were three basic
foundations, the performance ratings were studied sep-
arately under the following headings:

Figure 1. Engineering performance of bridge abutments
and piers on spread footings.

1. Abutments and piers on spread footings—all foot-
ings placed on fills, natural ground, or bedrock.

2. Abutments and piers on friction piles—all friction
piles including steel H, pipe, concrete, and wood,
whether driven through fill or natural ground.

3. Abutments and piers on end-bearing piles—all
piles bearing on rock or in a resistant soil formation.

In some cases movement was not recorded or was
reported as zero. For presentation in figures in this
report, zero movement, whether vertical or horizontal,
was assumed to be equal to or less than 3 mm (0.01 ft),

Abutments and Piers on Spread Footings

Vertical and horizontal movements of about 120 abut-
ments and piers and their rated performance with re-
spect to whether they were tolerable or not tolerable are
shown in Figure 1. Vertical settlements ranged from

0 to more than 1000 mm (3 ft), and the horizontal move-
ments ranged from 0 to 510 mm (1,6 ft). Some of the
movements were uniform; others were differential or
rotational. About 28 percent of the cases were rated
not tolerable.

The most common cause of movement was consolida-
tion of earth fills and underlying foundation soils. Other
causes included instability of embankment fills and valley
slopes, soil creep, and active earth pressures behind
abutments. Seasonal temperature variation was also
listed as one of the causes. For example, Dillon and
Edwards (1) report that abutments were affected by
freezing of bridge bearings. As the bridge deck con-
tracted in winter, the abutments were pulled together.
In summer, the bearings behaved normally, but the sub-
sequent expansion of the bridge deck did not push back
the abutments. Over a number of years this process
closed all expansion joints and caused heavy damage to
the bridge.
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Abutments and Piers on Friction Piles

About 60 cases involving friction piles were reported.
Vertical and horizontal movements of abutments and
piers and their effects on the performance of the bridges
are plotted in Figure 2. The vertical settlements ranged
from O to over 1220 mm (4 ft), and the horizontal dis-
placements ranged from 0 to 460 mm (1.5 ft). In perma-
frost areas, vertical heaving of the piles of 50 to 1070
mm (0.17 to 3.5 ft) was observed due to frost action.
About 40 percent of the cases were judged not tolerable
and the remainder were tolerable. Some of the differ-
ential or rotational movements that were less than some
of the tolerable ones were not tolerable; the tolerable
movements were mainly uniform. The causes for these
movements were instability of natural slopes, soil creep,
settlement of embankment fills, and downdrag or nega-
tive skin friction.

Abutments and Piers on End-Bearing
Piles

About 90 cases that describe the performance of abut-
ments and piers on end-bearing piles were reported. The
magnitude of the vertical and horizontal movements and
their effects onthe performance of the bridges are shown
in Figure 3. Vertical settlements ranged from 0 to a
maximum of 1100 mm (3.6 ft); the horizontal movements
ranged from 0 to 550 mm (1.8 ft). About 60 percent of
the cases were judged not tolerable. Some large move-
ments were judged tolerable because they were uniform
and did not interfere with the performance of the bridge,
whereas some small differential or rotational movements
were not tolerable.

The major causes for these movements were insta-
bility of natural slopes, soil creep (2), and consolidation
of the compressible soils around piles due to the weight
of embankment fills, When the subsoils consolidated,
batter and vertical piles were forced to bend and caused
the superimposed abutments and piers to settle, rotate,
and translate horizontally (3). In numerous cases large
settlements of the piles were attributed to downdrag or
negative skin friction as the surrounding foundation soils
consolidated around the piles. At one bridge site, nega-
tive skin friction was identified as the cause of failure
of 17 end-bearing piles.

Large uniform settlements usually did not affect the
performance of the bridges. For example, a bridge
supported on end-bearing piles on bedrock was subjected
to settlements of from 300 to 600 mm (1 to 2 ft). General
subsidence of the underlying bedrock was caused by a
solution of a thick salt formation 82 m (250 ft) thick at
a depth of 426 m (1300 ft) at the site. This was respon-
sible for large movements that were considered tol-
erable.

CLASSIFICATION OF BRIDGE
FOUNDATION MOVEMENTS

Examination of the performance ratings of foundation
movements plotted in Figures 1, 2, and 3 showed that
horizontal movements affected the structures more than
did the vertical movements. It was possible, neverthe-
less, to delineate the tolerable and not tolerable move-
ments from which the proposed classification of bridge
foundation movements was developed. It is shown on each
of the figures and is given as follows:

Tolerable or acceptable:
S, < 50 mm (0.16 ft)
Sy < 25 mm (0.08 ft)

Harmful but tolerable:
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50 mm (0.16 ft) < S, < 100 mm (0.33 ft)

25 mm (0.08 ft) < S, < 50 mm (0.16 ft)
Not tolerable:

S, > 100 mm (0.33 ft)

8, > 50 mm (0.16 ft)

where

S, = vertical movements (settlement or heave), and
Sy = horizontal movements.

To demonstrate how this classification applied to the
performance ratings obtained from the field survey, all
the cases plotted in Figures 1 through 3 were compared
statistically in Tables 1 and 2 according to this classi-
fication.

In Table 1, 110 cases were assessed, covering
spread footings, friction piles, and end-bearing piles
where the abutment and pier movements were judged
not tolerable. The percentage distribution of the field
ratings for each of the foundations was relatively con-
sistent with the proposed classification. When they were
grouped, 85 percent agreed with the proposed classifica-
tion, 12 percent came within the harmful but tolerable
range, and 3 percent fell within the tolerable zone.

For the field-rated tolerable movements, the per-
centage distribution was different, but the agreement
was satisfactory (Table 2), Of the 157 cases, 56 per-
cent agreed with the proposed classification, 22 percent
came within the tolerable but harmful range, and 22 per-
cent fell into the not tolerable range. The results are
shown in Figure 4.

The movements rated not tolerable in the field were
in excellent agreement with the proposed classification,
but agreement for the movements rated tolerable in the
field was only satisfactory. The reason for the differ-
ences was that the performance of foundations was gov-
erned not only by the magnitude of the movements but
also by the kind of movements. Large vertical and hor-
izontal movements were acceptable if they were uniform,
as shownbythe statistical distribution of tolerable cases.
On the other hand, vertical and horizontal movements
can be very harmful and can damage the structures se-
verely if they are differential or of a rotational nature,
Most of the movements judged not tolerable were of the
latter type, hence the good agreement with the classifi-
cation. Since the engineering profession is more con-
cerned with harmful or not tolerable movements, the
proposed classification of foundation movements for
bridges was -considered satisfactory.

SUMMARY AND CONCLUSIONS

In 1975 a questionnaire circulated throughout the United
States and Canada requested information on the engineer-
ing performance of all bridges whose abutments or piers
were supported on either spread footings, friction piles,
or end-bearing piles. The response to the survey showed
that bridge foundations were affected by slope instability,
consolidation of embankment fills and underlying sub-
soils, soil creep along valley slopes, frost action, and
seasonal temperature variations. In addition, pile foun-
dations were affected by soil settlements and negative
skin friction or downdrag.

An analysis of the reported foundation movements and
performance ratings showed that

1. Large vertical and horizontal uniform movements
were often tolerated.

2. Differential or rotational movements were more
damaging than uniform movements, and their effect on
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3. Bridge structures were more sensitive to large Appreciation is expressed to all those in the United
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Table 1. Application of suggested classification
for bridge foundation movements to field-rated
not tolerable performance of bridges.

Type of Foundations
for Piers and

Classification of Bridge Foundation Movements

Harmful but
Not Tolerable Tolerable Tolerable
Survey Distri- Distri- Distri-
Points Points bution Points bution Points bution

Abutments (number) (number) (%) (number) (4 (number) {
Spread footings 30 91 2 6 1 3
Friction piles 24 21 a8 3 12 0 0
End-bearing piles _53 43 81 8 15 2 4
Total 94 85 13 12 3 3

Table 2. Application of suggested classification e R p

for bridge foundation movements to field-rated Classification of Bridge Foundation Movements

tolerable performance of bridges. Harmful but

Not Tolerable Tolerable Tolerable

Type of Foundations Survey Distri-~ Distri- Distri-
for Piers and Points Points bution Points bution Points bution
Abutments (number) (number) (4 (number) (%) (number)
Spread footings 86 19 22 18 21 49 57
Friction piles 36 7 19 8 22 21 58
End-bearing piles _35 8 23 9 26 18 51
Total 157 34 22 35 22 88 56

search Council of Canada, and is published with the ap-
proval of the director of the division.
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Discussion

A. G. Stermac, Materials Office, Ontario Ministry of
Transportation and Communications

The author is to be complimented for his review, sort-
ing, and tabulation of such a vast amount of information.
It is certainly an interesting presentation.

When so many results start to form a pattern, one is
tempted to draw certain conclusions. The author has

obviously succumbed to this temptation and has suggested

values beyond which bridge movements become harmful
but still tolerable and beyond which they become not tol-
erable., What constitutes tolerable or intolerable move-
ments of a bridge can be considered from a number of
viewpoints, such as

1. Structural integrity,
2. Maintenance, and
3. Public perception of ride comfort.

There is no question that, by far, the most important
consideration is the structural integrity of the bridge
because it most directly affects the safety of the travel-

Figure 4. Assessment of foundation performance ratings.
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ing public. It is, though, only the designer, the struc-
tural engineer, who can determine what type and amount
of movement a particular bridge can safely tolerate.

It is well known that, basically, only differential
movements will have a bearing on the structural integ-
rity of a bridge. These, however, are a function of the
bridge type, width, length, and span length. To lump all
bridges together amounts to saying that all bridges are
the same and behave in the same way. This, of course,
is not the case. Not differentiating between uniform and
differential movements and settlements amounts to say-
ing that this does not matter. This also is not the case.

In view of the above, the value of criteria developed
without reference to type, length, or width of bridges
and type of movement or settlement is seriously ques-
tioned. The author's last conclusion that "all bridge
foundations move'" is also questioned since there is
ample evidence that some did not.

Publication of this paper sponsored by Committee on Foundations of
Bridges and Other Structures.
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Sand Drain Theory and Practice

Richard E. Landau, West Hempstead, New York

The theoretical approach to the design of sand drain installations has
often proved inadequate in the prediction of field performance. The
divergence of field performance from designs based on data obtained
from tests of undisturbed samples has been found to be greatest where
displacement methods of sand drain installation are employed and
least where nondisplacement techniques are used. The nondisplace-
ment methods most commonly employed involve controlled jetting
and augering systems. Nondisplacement methods are not equivalent
with respect to the avoidance of subsoil disturbance; therefore, some
divergence between designs based on undisturbed sample test data and
field performance is still encountered. This paper reviews the basis for
using sand drains and the background of the development of nondis-
placement techniques and presents a systematic approach applicable
to the evaluation of all installation methods. This approach is essen-
tial if the designer is to be provided with all tools necessary for the
development of sand drain designs that have a reliable factor of safety
when applied in construction, as the nondisplacement methods in use
today do not produce comparable results in the field. The results of
the Maine test section are reviewed to demonstrate how equivalent
designs can be developed for specific methods of installation and
specific types of soil.

Where stability problems or excessive residual primary
settlements are anticipated, the use of sand drain sta-
bilization should be considered either as an alternative
to or in conjunction with preloading in the development

of a feasible design. Other methods of construction
should be considered and priced, and the final selection
made on the basis of cost as well as on reliability of the
design in producing the required result. Such intangibles
as aesthetic and environmental effects during and after
construction should be given due consideration.

The inconsistent performance of sand drain projects
has often been related to an incomplete evaluation of
factors involved in design (1). However, even where
design theory (2) has been properly applied, it has been
found that the effects of the installation procedure em-
ployed can be a determining factor in performance. This
paper describes the use of empirically derived parame-
ters in design to compensate for aspects of the installa-
tion procedure and discusses standardization of sand
drain installation procedures as a means of minimizing
the introduction of construction-related variables.

BACKGROUND

The history of sand drain stabilization is well documented
(1) and need not be recounted, Typical displacement meth-
ods available are listed below. (1 cm =0.39 in. Paper,
Sandwick, and Fabridrains may be protected by U.S.
patents.)

Usual
Diameter
Descriptive Name {cm) Backfill
Driven mandrel {closed 30 to 50 Placed at time of mandrel with-
end) drawal
Paper drains (Kjellman 10 x 0.3 Drainage strip placed at time of
method) mandrel withdrawal
Sandwick drains Upto 156  Prepacked fabric filled with sand
placed after hole is made by
mandrel
Fabridrain Up to 15 Fabric liner filled with sand placed

at time of mandrel withdrawal

The first sand drain project specifically designed for
installation of drains by nondisplacement methods that
was successfully completed involved stabilization of
sensitive varved silt and clay deposits, which supported
the approach embankment of the State Street Bridge in
East Hartford, Connecticut. This project, which in-
volved use of the flight auger method, was the fore-
runner of many successful projects constructed in Con-
necticut (3) that involved similar soil conditions, The
concept of nondisplacement as an element in sand drain
stabilization design was later adopted by the New York
State Department of Transportation for stabilizing high-
way embankment foundations on sensitive organic clay
deposits in the borough of Queens in New York City (4, 5).
[A previous project in the same soil deposit involving the
use of the mandrel method proved unsatisfactory because
of excessive settlements caused by remolding of the soil
structure (4).]

After the success of the auger method used in sensi-
tive soils in Connecticut and New York, other states
adopted the use of augered sand drains. As a consequence,
other nondisplacement methods, as listed below, were
introduced (6, 7, 8,9) in the United States. (1 em = 0,39
in. Jet-bailer and Sandwick drains, jet augers, and the
auger method may be protected by U.S. patents.)

Usual
Diameter
Descriptive Name (cm) Backfill
Pressed casing Up to 45 Placed at time of casing withdrawal
Jet-bailer drains 30 Placed after hole is formed
Jet augers and jet Upto45  Placed at time of drill or casing
casing withdrawal
Jetted mandrel 30 to 50 Placed at time of mandrel with-
drawal
Rotary jet Up to 60  Placed after hole is formed
Auger method Up to 45  Placed during or after auger with-
drawal
Sandwick drains Upto 15  Fabric-filled wick placed in any

suitable hole formed by nondis-
placement techniques

The improvement in the performance of nondisplace-
ment installations over displacement methods has been
related to a reduction in smear. Smear (1) is defined
as the ratio of the diameter of the remolded zone im-
mediately adjacent to the cavity periphery to the diameter
of the cavity itself. Inasmuch as the formation of the re-
molded zone can only be produced by lateral soil dis-
placement (5), the simple rubbing of a cavity-forming
tool over the periphery of cavities formed by nondis-
placement techniques will not result in smear when the
rate of tool advance is controlled to ensure full cavity
excavation. Any differences in performance that may
be observed between various displacement techniques
as well as between various nondisplacement installation
methods must be related to disturbance effects associ-
ated with field as well as operating conditions. As such,
various techniques may be substantially superior in one
type of soil than in another (10) for reasons that are not
definable by purely theoretical considerations.



SAND DRAIN DESIGN

The principal purpose of a sand drain installation is to
accelerate the primary consolidation of compressible
subsoils during the construction period and to limit the
magnitude and rate of postconstruction settlements to
acceptable values. Slope stability is improved as a re-
sult of a concurrent increase in soil strength, Most
often, this involves achievement of about 85 percent of
primary consolidation during construction and substan-
tial limitations on postconstruction settlements to
secondary values. Where settlements approach 100
percent of primary consolidation during construction,

a surcharge load is needed. Where differential rather
than total settlement is the controlling factor, surcharge
loading may be avoided when the thickness of the com-
pressible subsoil does not vary sharply and finished
grade requirements are not critical,

The theory of consolidation is well known (11). Where
slope stability can be developed, the feasibilify of using
sand drain stabilization depends on the magnitude and
rate of residual primary and secondary consolidation
falling within limits acceptable for the proposed con-
struction. The magnitude of secondary consolidation
is established by the relationship:

Hye = Logec log(t/te) (D
where

H... = secondary settlement at time interval t,
L =thickness of compressible stratum,
csec = coefficient of secondary consolidation,
t. = time interval to reach 85 percent of primary
consolidation,
t = time interval (must be greater than t.).

The rate of secondary settlement (Ah.) will be essen-
tially equal to the rate of primary settlement at the time
of substantial completion of primary consolidation and
is approximately expressed as

Al = 0.435L(Cyec/te) 2)

If the foregoing values as determined from Equations
1 and 2 meet design requirements, then sand drain sta-
bilization can be considered for the project. Stability
and settlement analyses are performed to determine the
need for subsoil strength increase or berm stabilization
to ensure safe completion of the proposed construction,
and to estimate the total values of settlement incurred
under the design loading. Consideration of soil strength
increase with consolidation related to nondisturbance in-
stallation techniques can be handled by correlating
strength with moisture content or by an evaluation of
effective stresses as consolidation occurs (11), In gen-
eral, for normally consolidated soils, analyses are based
on average values of test data obtained from undisturbed
samples. For precompressed soil the values used would
distinguish between characteristics above and below the
preconsolidation loading.

The basic equations involved in the design of sand
drain installations, as concerns the determination of the
rate at which primary consolidation can be expected to
occur, are as follows for consolidation related to verti-
cal drainage,

tp, = [Ty (L/f,)? 1 /ey 3)
where

t, = time interval during primary consolidation,
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T, = time factor for specific degree of consolidation,

f, = vertical drainage factor [1 (single drainage) or
2 (double drainage)l, and

cs = coefficient of vertical consolidation.

For consolidation related only to radial drainage,
ty= [Th (fy $)21/cn = (T, D2)/cy, “@
T, = time factor for horizontal consolidation,

£, = radial drainage grid factor [1.13 (square grid)
or 1.07 triangular grid)],

S = spacing of sand drains in grid pattern,
¢n = coefficient of horizontal consolidation, and
D, = diameter of sand drain influence.

Time factor curves for vertical and radial drainage
are presented in Figure 1. Approximate values for the
indicated ranges of consolidation can be obtained by using
Equations 5 and 6 (approximately):

T, %2 0.8uZand0<u, <0.5 (5)
where u, = vertical degree of consolidation.

0.5<n<20

X 2.5
Ty 2 0.8 u® log,q (n/2) and 0.7 < v, < 0.9 6)

where

u, = horizontal degree of consolidation and
n = ratio of D, to d,.

In the foregoing equations, as in later expressions, no
distinction is made between free strain and equal strain
settlement, as the difference is negligible as compared
to many other uncertainties in design (2).

Where vertical consolidation is found to exceed 5
percent (u, = 0.05) for the assumed construction period,
the vertical consolidation is often considered in deter-
mining total consolidation. Where the total percentile
magnitude of desired consolidation is established and the
corresponding value of vertical consolidation is known,
the settlement contribution required from the sand drain
installation can be found by

U, = 100% - (100 - U)/(1 - U,/100) ()]
where

U, = percent of consolidation, horizontal;
U. = percent of consolidation of construction; and
U, = percent of consolidation, vertical.

An alternative expression relating the terms is
vy =1-(1-u)/(l-uy) ®)

Where u. = degree of consolidation of construction.
The geometry of the san drain pattern to attain the de-
sired consolidation can be developed in the following
manner:

1. By experience, assume a value for D,, with d, as
45 cm (1.5 ft) and develop a trial value of n. {The value
of d, can be increased or decreased at will based on
theoretical considerations; however, the initial design
should be based on a specified value of d,.)
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2. With the values of t, (=t,), D,, and c,, enter was designed for U.S. customary units only; therefore
Equation 4 to find the required value of T. values in Figure 2 are not given in SI units.) Inasmuch
3. Use Figure 1 or Equation 6 with Ty, and n to find as U, at t, is fixed, u, can be established by means of
the degree of consolidation involved (U, = 100u,). Equation 7, Returning to Equation 4 using any desired
4. If U, is other than the desired value, alter the value of d,, the value of D, can be established by trial
assumption for D, and repeat the foregoing steps until Uy and error,
meets design requirements. Once a workable set of values is established for D,
and n, Equation 9 can be used to approximate an equiva-
Secondary Consolidation lent set of values should it be desired to alter either D,
or n,
Although surcharge has been used to reduce the rate of
secondary settlement, postconstruction settlements can- (De/E%) [Logyo(n/2)1% =M ©9)
not be less or slower than values related to secondary
consolidation. As such, the optimum sand drain design where
will be one that develops a rate of primary consolidation
equal to that of secondary at the time of completion of E, = efficiency of sand drain,
construction. Inasmuch as the occurrence of secondary t; = field or final time,
consolidation relates only to the thickness of the com- ty = design or theoretical time,
pressible stratum and is presumed to start toward the u, = field or final degree of consolidation at t,,
end of primary consolidation, it is evident from the ex- u, = design or theoretical degree of consolidation, att,,
pression for secondary consolidation shown in Equation M = sand drain grid equivalence factor, and
1 that the graph of consolidation versus time will be a E, = Ty;/Tpq, OT
straight line on a semilogarithmic scale. te =ty { E, ~ (ue/ug*
By superimposition of the secondary consolidation when 0.7 <u, 0.9,
curve on the primary consolidation curve so that the two
are tangent, the optimum end point for primary consoli- The value M is a constant for any set of field conditions.

dation (u,) can be established (Figure 2). (This model The foregoing relationship also permits applying the sand



drain efficiency (E,) to each sand drain installation
method contemplated. A theoretical set of efficiency
curves for the mandrel method is shown in Figure 3.
Where d, is a constant, use n = n,/E/ in Equation 9.

Sand Drain and Sand Blanket Material

Equivalent sand drain designs can be developed for a
given set of soil conditions and time parameters by vary-
ing the sand drain diameter (d,) and its diameter of in-
fluence (D,) in accordance with Equation 3. It can be
shown mathematically that equivalent designs based on
a large percentile change in d, will reflect only as a
small change in D: and the capacity of the sand drain to
carry water varies with d% then for equivalent designs
a smaller-sized drain diameter will necessitate the use
of higher permeability sand backfill material to avoid
introducing excessive head losses within the sand drain
itself. The effect of such head losses reflects as back-
pressure, which affects sand drain performance as de-
scribed by Barron (2).

Where hydrostatic backpressure is permitted, the
backfill permeability may be approximated by Equation 10:

ky, = Ahn? (L+B)/2(P, - Py - Py) (10)

Figure 3. Grid efficiency versus permeability
ratio for mandrel method.
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where
k, = permeability of sand drain backfill;
Ah = gettlement rate;
B = sand blanket thickness;
P. = total load expressed as hydrostatic head;

initial ground level above natural water table,
expressed as hydrostatic head; and

P, = sand blanket or lateral drainage channel load or
hydrostatic backpressure.

o
l

Thus, the larger the sand drain diameter for equal set-
tlement rates (Equation 9), the lower the permissible
permeability of the backfill material, which would re-
flect as a cost differential for the installation,

Similarly (as shown in Figure 4) an approximation
can be derived for the permeability of the sand blanket
material, as follows:
ky, = AhW2/[2B(B + P;,)] (i
If, instead of using a uniform sand blanket, French
drains (height, B)areusedto interconnect the sand drains,
an expression similar to that above can be developed:

ky = ARW2S/[2A, (B + Py)] 12)

where

k, = sand blanket permeability,
W = half width of embankment (stabilized), and
A, = sand blanket cross-section area.

As in the case of the sand drain backfill, the sand blanket
permeability presumes an acceptable hydrostatic back-
pressure of P,. The consideration of sand blanket per-
meability is important inasmuch as coarse sand ma-
terial is often scarce and, therefore, can be costly to
obtain. Equations 11 and 12 permit an economic evalu-
ation of the best means to provide a drainage blanket for
the sand drain installation. A substantial factor of safety
(such as 10 or more) should be applied to K, where
feasible,

Surcharge

The use of surcharge in conjunction with the design of
sand drain installations may be desirable if:

1. Postconstruction total settlements without sur-
charge exceed maximum tolerable limits for the type of
construction involved;

2. The cost of surcharge material (including place-
ment and removal) is less than the cost of using a closer
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spaced sand drain grid to accomplish substantially the
same end result; and

3. The addition of surcharge does not result in em-
bankment instability.

Determination of the surcharge required to achieve a de-
sired degree of primary consolidation (u,) based on at-
taining an effective value (u,) by sand drain stabilization
can be accomplished by Equation 13:

logo (Pr + Py )/Py = [y (P, - Po) (u; - up) +u, Ce log1o(P¢/Py)]u, C. (13)
where

P; = field or design load,
Py = required surcharge load,
P; = preconsolidation load of subsoil,
ay = coefficient of compressibility,
u¢ = degree of consolidation required for load Py,
u, = degree of consolidation to be achieved with sur-
charge added, and
C. = compression index.

Effects of Installation Methods

It has often been demonstrated that subsoil disturbance
will have an adverse effect on the performance of sand
drain installations by virtue of changes effected in
subsoil characteristics of sensitive soils (12,13).
The principal changes in performance of installations
involving disturbance to sensitive soils are expected to
relate to the disturbance ratio (R,) as defined in Equa-
tion 14 (14).

R, = (Cyy - Cy2)/(Cyy - cvr) = (qu - q.)/(qu - qr) (14)
where

R, = disturbance ratio,

Cw = undisturbed vertical coefficient of consolidation,
¢y, = disturbed vertical coefficient of consolidation,
¢y, = remolded vertical coefficient of consolidation,
q, = undisturbed compression strength,

g, = disturbed compression strength, and

4, = remolded compression strength

and exhibits the following effects;

1, The rate of occurrence of primary consolidation
is decreased.

2, The rate of occurrence of secondary consolidation
is increased.

3. The magnitude of primary settlement is increased,

4. In situ shear strength characteristics are de-
creased (at least during the early stages of stabilization).

Other adverse effects include an increase in pore
pressure not related to construction loading; destruction
of the continuity of varves and partings; thus impeding
horizontal drainage; and lateral displacements, which
may result in the shearing of previously installed drains.
These effects must be compensated for by the selection
of conservative soil characteristics, as well as by high
factors of safety, in the development of designs involving
displacement methods applied in sensitive soils, Con-
versely, the use of disturbed soils characteristics might
be costly in designing installations involving nondisplace-
ment techniques as the field results could exceed the ex-
pectations of the engineer. It is necessary, therefore,
that more accurate determination of subsoil design char-
acteristics be made where nondisplacement installation
methods are to be employed in order to take full advan-

tage of the potential efficiency of such methods.

To permit a more accurate means of designing for
nondisplacement sand drain installations, in situ soil
characteristics must be developed. It is equally im-
portant to determine the efficiency of each method based
on its performance in the field (Equation 9) so that in
situ characteristics may be used in design. On major
projects, prototype performance may be determined in
advance of design by means of test sections. In addition
to being an aid to design, such field tests would also per-
mit development of efficiency data for methods of sand
drain installation used., Where test sections cannot be
implemented, selected areas of the construction can be
staged and closely monitored as a means for verifying
the design and obtaining data for evaluation of sand drain
performance,

EVALUATION OF SAND DRAIN
INSTALLATIONS

In order to evaluate each of the various methods of in-
stallation (particularly if a comparative test section is
not utilized), it is important to develop a reproducible
body of soil characteristics based on the use of labora-
tory test data. Samples are often at least partially dis-
turbed as a result of normal soil sampling and handling
methods as well as in laboratory test preparation and
work; therefore, it would seem appropriate to use only
maximum test results for design purposes. Conversely,
if a reproducible basis for comparison is to be developed,
perhaps all results should be compared to the most con-
servative design, involving the use of average values of
remolded soil data and parameters.

In order to advance the present state of knowledge, it
would be desirable to compare performance in the field
with designs established on paper for maximum values
from test results (after discarding inconsistent values),
as well as paper designs based on remolded test values,
with settlement estimates based on initial void ratios
(e,) derived from in situ moisture contents. So that there
be no misunderstanding concerning the paper designs,
these need not be the designs on which the installations
would actually be constructed. The engineer would con-
tinue to prepare construction plans and specifications in
accordance with current knowledge and experience.
However, inasmuch as the selection of design values
from test data is almost entirely subjective, the success
of field installations would not result in any improvement
in the working knowledge concerning various methods of
installation. Inasmuch as average values of remolded
test data are more likely to be reproducible for any soil
type, and the maximum range of test values might also
be reproducible, the subjective aspects involved in the
paper designs would be largely eliminated. By using
these limiting values and minimizing the use of subjec-
tively derived data, a degree of uniformity in the clas-
sification of field performance will uitimately be de-
veloped.

Comparisons of field results to remolded design val~-
ues are best reported as specific improvement factors,
but field results and field-derivedvalues are best com-
pared to maximum laboratory values as efficiency fac-
tors. On this basis, the following factors are suggested
for describing field performance relative to design per-
formance (I = improvement factor, E = efficiency factor,
v = vertical, h = horizontal, sec = secondary, p = pri-
mary, t = total, s = strength, and w = sand drain).

Relevant ltem Improvement Efficiency
Vertical consolidation I, E,
Horizontal consolidation I En



Relevant Item Improvement Efficiency
Secondary consolidation lsec Em=t
Settlement factor, primary lo E,
Settlement factor, total (20 l¢ E,

years by extrapolated data)
Shear strength or cohesion lg E,
Sand drain grid lu E.

The consolidation factors refer to ratios of field values
to laboratory values using coefficients of primary and
secondary consolidation. The settlement factor (pri-
mary) is a ratio of design estimates to field settlements
under each loading condition (including surcharge load-
ing where used), Strength and sand drain grid factors
are based on tests of undisturbed samples from borings
obtained after stabilization to values obtained from de-
sign boring data as well as from field data.

The most difficult element to establish in the labora-
tory is the value of the horizontal coefficient of consoli-
dation (c,) for use in determining the horizontal consoli-
dation factors. In isotropic silty or clayey soils, it is
recommended that ¢, be taken arbitrarily as ten times
the laboratory c, (undisturbed) value for the efficiency
factor, and as being equal to ¢, for the improvement
factor. In silty and clayey varved soils, the c, value
should be taken as ten times the c, (undisturbed) value
of the more permeable of the varves involved. Where
substantially continuous sand partings and varves are
involved, then c, for use in determining the consolida-
tion efficiency factor should be taken as equal to c, de-
rived from the permeability of the sand.

SAND DRAIN INSTALLATIONS

To ensure uniformity in construction of sand drain in-
stallations, development of a set of specifications ap-
plicable to nondisplacement methods is required. The
following key points are suggested to be covered for all
nondisplacement techniques. These recommendations
are based on experience involving sand drain installa-
tions at the Maine and East St. Louis test section sites.

1. No alternate raising and lowering or free fall of
the cavity-forming tool is permitted. A maximum 30-cm
(12-in) free fall of the jetting tool is permitted if it is
shown that the jetting tool forms a cavity at least 30 cm
ahead of the tool.

2. The vertical alignment of the cavity-forming tool
shall be maintained to a plumbness and axial linearity
within a maximum deviation of 1 percent at all times
during the sand drain cavity formation and held to within
7.5 cm (0.25 ft) of plan location,

3. The maximum rate of tool advance shall be lim-
ited to one pitch length per revolution for augers but is
to be maintained at a lower rate to ensure excavation of
the subsoil. Thus consideration is given to the physical
volume of the auger. Reverse auger rotation is not per-
mitted.

4. The maximum rate of advances of the jetting tool
shall be 3 m/min (10 ft/min), and the actual rate in-
creased or decreased as required in the field to ensure
nondisplacement cavity excavation (zero pore-pressure
increase).

5. Fluid pressures used in excavating or backfilling
the sand drain cavity shall not exceed twice the existing
hydrostatic pressure in the subsoil at the level of the
bottom of the cutting tool as the apparatus is progressed
through the compressible soil; however, fluid pressure
of 275.8 kPa (40 1b/in®) is permissible at all depths in
the compressible soil during backfill. Higher pressures
may be allowed where itis ascertainedthat jetting-induced
excess hydrostatic pressure dissipates within 24 h.
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6. Effluent from jetting installations must be dis-
posed of in a manner that will not affect environmental
conditions adversely.

7. At the discretion of the engineer, where jetting
is performed in the vicinity of waterways, a casing may
be desirable for use with the jetting apparatus, and the
contractor shall do all that is necessary to ensure re-
turn of all jetting water and effluent to the top of the
casing. Such return water shall be accumulated or dis-
posed of off the site as required by the engineer to en-
sure against the inadvertent pollution of the adjacent
waterway.

8. In all methods used, rigid cavity support shall
be provided at all times for the portion of the sand drain
that passes through the sand blanket and any soft or gran-
ular subsoil stratum encountered to prevent yielding or
collapse of the formed cavity, The sand drain shall be
backfilled simultaneously with the removal of cavity sup-
port in a manner to ensure columnar continuity by apply-
ing 206.8 kPa (30 1b/in®) (min) air pressure to the sand
during backfill., Such air pressure should not exceed
twice the in situ hydrostatic head at the depth of backfill
placement.

9. Where sand drain cavities are not rigidly sup-
ported, measure each for size and depth. For rigidly
supported cavities, control the rate of support removal
to reflect the rate of backfill. Check the volume of back-
fill used, as needed for proper control.

10. Develop backfill permeability requirements for
the range of sand drain sizes permitted.

CONSTRUCTION SEQUENCE FOR
SAND DRAIN SECTIONS

The following procedure is proposed for construction of
sand drain installations. Although this is most appro-
priately applicable to test sections where extensive mon-
itoring can be implemented without impeding project
completion, the procedure can be tailored to meet the
varying control requirements for specific construction
projects that utilize sand drain stabilization,

1. Install construction control devices as early as
possible in the construction (preferably in advance of
any fill placement). Such devices include settlement
platforms and piezometers; deep settlement points, dis-
placement stakes, and slope indicators are used as ap-
propriate. Settlement platforms should be located at
points of change in the loading shape as well as at the
center of the construction, Piezometers should be
placed to permit development of longitudinal as well as
vertical pore-pressure profiles (Figure 4). Add dis-
placement stakes and slope indicators where lateral
movements (creep and potential slope stability problems)
are anticipated.

2. Intest sections and where economically feasible
in construction, place sand blanket and fill material to
highest possible level (or to the top of berm level, where
contemplated) but no higher than 50 percent of the design
load for full width of the embankment. Displacement
stakes are best located outside the toes of slope, but the
slope indicators are best located so as to pass through
the anticipated critical failure plane (Figure 4), Install
piezometers within 60 cm (2 ft) of the first few sand
drains as a means of establishing a maximum rate of
cavity-forming-tool advance consistent with complete dis-
sipation of induced pore pressure within 24 h,

3. In test sections, and where feasible in actual
construction, allow the fill to remain in place as long
as possible without delay to the construction schedules,
to permit development of settlement data for use in es-
tablishing c,.
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4. Install sand drains as required. For test sec-
tions, install drains in more than one grid pattern if
feasible.

5. Additional piezometers are to be installed after
sand drain work is completed. For test sections,
piezometers are also to be placed within typical drains
as well as within the sand blanket.

6. Bring fill up to final design level plus surcharge
at a uniform rate of filling and allow to remain in place
for as long as possible (for test sections until at least
85 percent consolidation is achieved).

7. After review of field data, establish the amount
of surcharge to be removed so that the degree of con-
solidation (u, in Equation 13) is substantially 1.0.

8. Where feasible, maintain at least a portion of
the instrumentation in place for a sufficient time to de-
velop the secondary consolidation characteristic of the
subsoil,

9. Take borings and undisturbed samples for testing
to redefine soil characteristics developed for the design
as well as to evaluate disturbance (Figure 5 and Equa-
tion 14).

10. Test sections should include a control area with-
out stabilization, using berms as needed for stability,
Sand drains should be installed by displacement as well
as by nondisplacement methods at equivalent spacings
in accordance with Equation 9.

EVALUATION OF FIELD DATA

The rate of occurrence and value of total primary settle-
ment may be determined in the field by using settlement
platform and instrumentation data. Incremental settle-
ments at intermediate levels within strata may be de-
termined by means of earth anchor devices installed at
specific depths through bore holes. Piezometer data
permit an estimation of the degree of consolidation at
any time during construction. By employing the sug-
gested construction sequence, the evaluation of the sand
drain installations can be accomplished in the following
manner:

L]
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1. If fill is left in place prior to installing sand
drains, sufficient data are developed to permit interim
evaluation of ¢,. A final evaluation of c, is made after
the value for any control area is established by using
total primary settlement from field data after sand drain
installation and substantial completion (85 percent) of
primary settlement.

2. The value of t, applicable to installation of sand
drains for the initial fill level is closely approximated
by the actual date that sand drains are installed.

3. Theories developed to evaluate consolidation of
sand drain installations under uniform rates of fill can
be checked by using data obtained for loads placed after
sand drain installation (15) and consolidation factors.

4, The coefficient of consolidation can be checked
for the final loading condition by approximating a new
t, taken at the midpoint of the loading cycle, which will
permit evaluation of consolidation factors and sand drain
efficiency.

5. By removing the surcharge portion of the fill, a
check can be made of the coefficient of secondary con-
solidation and settlement factors since in situ fill pro-
duces a loading that is consistent with achievement in
the field of 100 percent of primary settlement.

6. Piezometer data in the drains and in the sand
blanket will indicate differences in backpressure, which
will provide needed information on the effects of sand
drain backfill and sand blanket permeability.

7. The evaluation of effective stresses as well as
testing of undisturbed samples from final borings will
permit a determination of the strength or cohesion fac-
tors. Moisture-content profile changes determined from
final borings can be used to check observed settlement
data and to compute settlement factors.

COMPARISON OF INSTALLATION
METHODS

The results of the test sections as well as other in-
strumented construction projects can be evaluated on

a quantitative basis, which can ultimately be used to re-
flect cost differences relative to each of the methods of



sand drain installation available. Improvement and ef-
ficiency factors determined for each installation over

the predicted paper design performance will permit tying
field performance to reproducible laboratory test values.
In this manner, it will be possible to determine varia-
tions in quantities relative to size and spacing of sand
drains and fill requirements due to differences in pri-
mary and secondary settlements, surcharge, and berms.
It will also be possible to evaluate the need for specific
sand blanket and sand drain backfill materials.

When a test section is involved, it will become pos-
sible to compare directly the various methods of instal-
lation utilized. Such comparisons may be made in a
manner similar to that for the Maine test section (8,7, 8),
based on ratios of performance to design values, The
term settlement ratio (R,) is the ratio of field settle-
ment (H,) to theoretical settlement (H,). Effectiveness
ratio (R,) is the relationship between the backfigured
value of ¢, for each method to that of the base method
selected. These results for the Maine test section are
presented in Tables 1 and 2. The mandrel method was
the base method for Table 1 (9).

The following can be used To establish true costs of
sand drain installations:

1. If the use of 45-cm (1.5-ft) diameter sand drains
in a 3-m (10-ft) triangular pattern of mandrel sand
drains for the back cove site is assumed, an equivalent
set of data for 30-cm (1-ft) diameter drains as well as
corresponding values of influence area [£S® (=n”A,)] may
be established for the jetting and auger methods, as
shown in Table 3.

2. Using the settlement ratio (such as in Table 3)
and corresponding values of influence area, a fill quan-
tity increase can be established for each method and
drain size, which will reflect as a unit cost increment
(F.) per foot of sand drain installed:

F. = F; Hn?A,, (Ry - 1)/L,, (15)
where

F, = unit cost increment,

F, = field or final unit cost,

H = settlement,

n = ratio of D, to d,,
A, = sand drain cross-section area,
R, = settlement ratio, and

L, = average length of sand drain.

3. The volume of fill used in berms (and surcharge)
(B,) for equivalent stability and consolidation, as well as
any credit (where applicable) for reduction in fill (f,A,)
due to ground heave (displacement methods) or the re-
use of spoil developed in excavating sand drain cavities
by augering (Figure 6) are factors in establishing a sup-
plemental cost increment (or credit) (AF,) per foot of
sand drain installed:

AF. = Fy(B,/ZL,) - f, Ay (16)
where

AF, = supplement cost increment,
B, = total volume of berm and surchange, and
T = number of sand drains for total project.

4, To compare the costs of various methods and al-
ternative designs, the unit price (F,) actually bid for
each method of installation is increased by F, and AF,
and the total divided by the applicable effectiveness ratio
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(R,) to obtain the effective unit cost (F,) per foot of sand
drain installed,

F = (F,, T F, + AF)/R, a7
where

F, = effective unit cost,
F, = sand drain unit cost, and
R, = effectiveness ratio,

A typical computation format for determining the pat-
tern of sand drains applicable to each method considered
is presented in Table 3. Also included in Table 3 is the
incremental fill quantity reflecting induced soil consoli-
dation characteristics altered by disturbance effects of
each method.

In developing true comparisons, certain misconcep-
tions must be avoided. Because of the tendency to em-
ploy specifications developed by others, certain methods
have become standardized as to size. As an illustration,
the jetting method has been specified as permitting the
use of 30-cm (1-ft) and 45-cm (1.5-ft) sand drains; for
the auger method only 45-cm diameter drains are usually
specified. The larger diameter drains are often re-
quired in an effort to make certain of sand drain conti-
nuity where a degree of lateral yield or creep may need
to be accommodated, Where lateral creep is not antic-
ipated, and where the stratification overlying the soft
soil requiring treatment is 10 m (30 ft) or more of stiff
(desiccated or preloaded) clay, the sand drain diameter
should be fixed for bidding purposes, with the construc-
tion contractor permitted the option to vary the diameter
used within a specified range and theoretical spacing
based on the efficiency of the installation method.
Whereas jetted drains can be penetrated to great
depths with relatively small changes in equipment size,
the size of the auger and mandrel equipment generally
increase in power and weight substantially in direct
proportion to the drain length. It is noted that it takes
approximately one-half the weight and power to install
a 30-cm drain by the auger method as compared to a
45-cm diameter drain. Whereas there may be approx-
imately 20 percent more drains required for a 30-cm
diameter, the saving in equipment and sand backfill may
more than compensate for the extra number of drains to
be installed. The same would undoubtedly be true for
the mandrel method.

The designer is also cautioned that there may be cir-
cumstances when specific sand drain installation methods
are not appropriate, Jetted drains should be avoided
where adjacent structures are in place and migration of
water used in jetting may affect its foundation adversely,
as in the case of piers and bulkheads. In urban areas
where noise codes are in effect, the use of driven sand
drains may be prohibitive in cost if special equipment is
required to limit noise. Care must also be taken to en-
sure cavity support during backfill of each sand drain
cavity. Although limits are suggested in drain sizes for
specific methods of installation, such limits only reflect
common usage; there is no reason to assume that equip-
ment does not exist or cannot be made to install sand
drains of greater or smaller size in each instance.
However, it is desirable to establish a realistic range
limit on drain sizes, e.g., 10-cm (4-in) minimum for
sand drains installed in supported cavities, 30-cm (1-ft)
minimum for those installed in unsupported cavities, and
a maximum 60-cm (2-ft) diameter allowed. Sand drain
spacing should be limited to 7.6 m (25 ft), while jetted
and driven drains should not be spaced closer than 2.4 m
(8 £t) to avoid any adverse effects on previously com-
pleted drains.
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CONCLUSIONS AND RECOMMENDATIONS 2. Inview of the subjective aspects involved in the
selection of laboratory test data for use in design, a
1. Available theory of sand drain design is adequate reproducible standard should be developed to serve as
to approximate field performance provided that informa- a basis for evaluation of field performance of sand drain
tion is available to permit a determination of the effects installations. Such values selected without subjectivity
of the available methods of sand drain installation on would be used to produce paper designs without any fac-
* subsoil characteristics. tor of safety being applied or the need to be conservative

. Table 1. Effectiveness ratio. Effectiveness Ratio Values™

Soil Type Drain Spacing (m) Mandrel Method  Jetting Method Auger Method
Silty clay 3 1.0 1.6 2.0
Silty clay 4.3 1.0 2.1 2.5
Organic clay 4.3 1.0 1.2 1.2

Notes: 1m=33 11,
3 The greater the effectiveness, the greater the efficiency of the method of installation, The increase in efficiency with
with sand drain spacing is predictable, Figure 3.

#Use as minimum value R,y : Rgq ~ Iy ¢ har =Eyz 1 Eyr.

Table 2. Settlement ratio. Settlement Ratio Valucs®

Soil Type Drain Spacing (m) Mandrel Method  Jetting Method Auger Method
i Silty clay 3 1.56 1.54 0.81

Silty clay 4.3 1.23 2.03 1.14

Organic clay 4.3 1.33 1.18 1.15

Notes: 1 m=3.3 ft. .
The lower the settlement ratio, the less the disturbance developed by the method of installation. For a given diam-
eter of sand drain and method, Ry, should decrease with an increase in drain spacing.

& ?Use as minimum value R, = 1/E, » 1.0, Ry : Ryy ~ E;; : Ep.

Table 3. Settlement volume increment.

de =45 em « =30 em

Auger Jetted Casing Mandrel Auger Jetted Casing Mandrel
Sand Drain Installation Method Method Method Method Method Method Comments
Effectiveness ratio, R. (S=3.0m) 2.0 1.6 1.0 1.63 1.31 0.82 Re2 = Ro1 (dv2/ch1)’®
Drain spacing when equal E., S, m 4.3 3.8 3.0 3.88 3.44 2.72 82 = S1(Re2/Re1)"®
Corrected effectiveness ratio, R. 2.5 1.84 1.0 2.04 1.50 0.82 Interpolated-Table 1
Corrected sand drain spacing, S 4.74 4.07 3.0 4,29 3.68 2.72 Using corrected R.
Influence area, £,S°, m® 20.22 14.91 8.1 16.56 12.19 6,66 f. = 0.9, triangular grid
Settlement ratio, Ry 0.91° 1.54 1.56 0.91* 1.54 1,56 From Table 2, Use 1.0*
Settlement factor, f,, m®/m 0 9.05 4,54 0 6.58 3.73 Added fill/settlement/

T sand drain installed

Notes: 1 m=23.3 ft.
R, values use the mandrel method performance as the base,

"R, is defined as field settlement/theoretical settlement. Use R, = 1 as minimum. The volume of fill required to compensate for settlement per sand drain installed is H{f, + 1), The settie-
ment volume increment related to the method of sand drain installation, expressed per sand drain installed is Hf,,

Figure 6. Volumetric VOLUME OF
effects of soil heave and TOP OF SAND SURCHARGE CRITICAL
spoil reuse. BLANKET, REFLECTION SCHEDULED CENTER
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as concerns field performance.

3. TFully instrumented sand drain test sections should
be planned under state and federal research funds to per-
mit accumulation of comparable field data, at least for
the available nondisplacement methods of installation,
s0 as to ultimately provide a basis for developing equal
designs. In so doing, the state of the art will be ad-
vanced and the degree of conservatism now exercised
in current sand drain design practice can be reduced,
for substantial savings in construction cost.

4, A uniform set of key specification requirements
should be established for auger and jetting methods of
sand drain installations, as an important first step to-
ward ensuring reproducibility of field results. With
uniformity in construction, including environmental
safeguards, it will be possible to develop means of es-
tablishing meaningful efficiency and improvement char-
acteristics for available methods of sand drain installa-
tion. Of importance in such specifications are controls
on: cavity verticality, rates of tool advance and with-
drawal, fluid pressure in forming and backfilling cavi-
ties, and pore pressure increase during sand drain in-
stallation,

5. Evaluation of the performance of sand drain in-
stallations is not limited to the determination of the rate
of occurrence of settlement and environmental effects
of each method but must also include an economic evalu-
ation.

6. The design of sand drain installations may involve
drain diameters ranging from 7.5 to 65 cm (0.25 to 2 ft)
depending on the methods of installation considered.
Where more than one method is specified as acceptable,
alternative designs (size and spacing of drains) for each
method must reflect performance efficiency by taking
into account the permeability of the available backfill
material. Where lateral yielding or creep is a problem,
the larger diameter drains are preferable,
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Landau to promote a particular drain installation sys-
tem in which he has a strong commercial interest.
Therefore, a second objective will be to present addi-
tional sources of information and alternative viewpoints
on some of the more controversial aspects of the paper.
Tor easy reference, the discussion will follow the main
headings of the paper.
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BACKGROUND

In the excellent, comprehensive paper on sand drains,
Johnson (16, pp. 156-157) discusses the controversy re-
garding the relative merits of various drain installation
techniques. He points out that

Any installation method must cause some disturbing effects, just as dis-
turbance results when obtaining even the best undisturbed soil samples.
It is obvious, therefore, that primary interest must be focused upon as-
sessing the severity of these effects on results obtained, rather than upon
the question of whether disturbance does or does not exist.

The first drains presented are all installed with a man-
drel. The drains in the second in-text table may be in-
stalled with less displacement than conventional large-
diameter, closed-end mandrel sand drains, but there
will still be some soil displacement, remolding, smear,
or distortion of thin sand layers (16, Table 2). Perhaps
these methods should be termed minimum displacement
drains. Even though the Kjellman paper drains are
mandrel driven, their size and spacing may actually
cause less disturbance in certain soil conditions than
the other methods.

The first two in-text tables should also include some
recent European and Japanese developments. The
Geodrain and Alidrain, both invented by O. Wager of
the Swedish Geotechnical Institute, are improvements
of the Kjellman paper drains. They are also band-
shaped, about 100 mm wide by 4 mm thick, and they
have a plastic core surrounded by a paper or nonwoven
fabric filter (17). They can be pushed, vibrated, or
jetted into the soil by a mandrel slightly larger than the
drain itself (E, 19). Japanese engineers have developed
a similar band-shaped drain. A 100-mm wide corrugated
plastic core is covered by a fabric filter (20). Another
recent European development is the AV-Colbond drain.
It is composed entirely of a nonwoven polyester fabric
300 mm wide by 4 mm thick (21,22). A hollow lance
with the strip of fabric attached is jetted into the ground
to the desired depth. The fabric acts as both a filter and
a conduit for the water. From several field tests, the
drain seems to be as effective as ordinary sand drains
(19,21, 22). Moran (1) and Richart (23, p. 723) have
shown that even small-diameter drains can be effective
in dissipating excess pore-water pressure. Finally,
Johnson (16, pp. 160-161) gives an excellent summary
of the major considerations involved in the selection of
sand drain installation procedures.

SAND DRAIN DESIGN

The author suggests that the feasibility of using sand
drains depends on the magnitude and rates of residual
primary and secondary consolidation, It would be help-
ful if he would tell us how to obtain these rates, espe-
cially ce.. Does he recommend laboratory test or field
observations ? Laboratory tests sometimes overesti-
mate rates of secondary compression (24, p. 458). A
distinetly better design approach would be to follow
Moran (1) or Johnson (16). I am not sure about the prac-
ticality of the suggestion that strength increase with con-
solidation can be correlated with water contents. The
wide range (scatter) of natural water contents observed
in most deposits of soft clay would make such correla-
tions difficult to conduct in practice.

Some minor points: The ce. in Equations 1 and 2 is
not the same as C, defined in the literature (1,13, 16);
rather it is ¢,/1 + e, where e is some reference void
ratio, usually the end of primary e,. There seems to
be a typographical error in Equation 2, Figure 1 is es-
sentially as presented by Moran and Barron (_1', g_). Equa-

tions 7 and 8 may be more familiar as

U=U, +U, - Uy Uy =1-(1 - Up)(1 - U,) (7a and 8a)
as developed by Carrillo (25) and others.
U, does not equal 100 u, (26, p. 233).

Of course the real design problem is to determine the
soil properties necessary to compute U,. The four-step
design procedure proposed by Landau is apparently only
an outline of the procedure given by NAVFAC Manual
DM-7, Chapter 6 (11). The designer is also advised to
consider carefully some of the recent developments in
deep drainage mentioned previously.

Under Item 3,

Secondary Consolidation

Several important points in this section are not im-
mediately obvious. Why is the optimum sand drain de-
sign the one in which the rate of primary consolidation
is equal to the rate of secondary at the end of construc-
tion? Landau states that "secondary compression relates
only to the thickness of the compressible stratum.' This
is an oversimplification; many other factors also affect
secondary compression, such as time, consolidation
pressure, precompression, duration of the previous load
increment, remolding, and rate of increase of effective
stress (275. How is the superposition of the two curves,
primary and secondary, so that their slopes are the
same (Figure 2) different from the common Casagrande
construction for determining tioo (26, p. 241)?

For the design of sand drains wherein some consider-
ation of secondary compression rates is to be made, it
is probably easier to use the procedures suggested in
the literature (_{, 11, 13), especially if a surcharge is to
be utilized in conjunction with deep drainage.

The design equation (Equation 9) proposed by Landau
is not easy to understand. Perhaps Landau could give
the derivation or at least a reference to the derivation
of this equation. Figure 3 is also not very clear. How
were the theoretical efficiency curves determined ?
Should the definition of E, given in Figure 3 be inverted
to be consistent with the definitions given in Equation 9 ?
Even if, as stated, the value of M is a constant for a
given set of field conditions, it would be helpful to know
how to obtain these factors for typical design situations.
How is n = n,/E? obtained when d, is a constant? Is not
d, always a constant for a particular installation? A
numerical example showing the reader how to use Equa-
tion 9 and Figure 3 would help considerably in following
Landau's suggested design procedure.

Sand Drain and Sand Blanket Material

Landau's contention that backpressure in the drain itself
is important is apparently not shared by others, For
example, Moran (1, p. 35) and Richart (23, p. 721) state
that for practical values of n and reasonable geometries,
the resistance of the drain wells should be insignificant.
The dissipation of excess hydrostatic pressure in the
clay is not really a function of the coefficient of perme-
ability of the drain (k,), but rather it is a function of the
ratio of the permeabilities of the two materials. This
is the classic case of impeded drainage from the theory
of consolidation. Bishop and Gibson (28) show that as
long as the ratio of the permeabilities is at least 100,
the drain could be considered for practical purposes to
be infinitely permeable. Perhaps Landau can present
some data to show why he thinks the resistance of the
drains is significant.

After Equation 10, Landau states: 'Thus, the larger
the sand drain diameter for equal settlement rates
(Equation 9), the lower the permissible permeability of



the backfill material, which would reflect as a cost dif-
ferential for the installation.'" It should be recognized
that cost differential (presumably a lower cost in this
case) may not be immediately realized, since the larger
the drain diameter, the larger volume of sand required,
which might offset any savings from using poorer quality
backfill materials., Where on Figure 4 is it shown how
the approximation of Equation 11 is developed? Equa-
tions 10 through 12 seem to be related to Darcy's law—
it would be helpful if Landau would give the source, or
better, the derivation of these equations,

Landau states that Equations 11 and 12, "permit an
economic evaluation of the best means to provide a
drainage blanket...." Without being facetious, it might
occur to the design engineer that the best means to pro-
vide a drainage blanket probably would be with conven-
tional construction and hauling equipment, and no way
to evaluate these costs is indicated in Equations 11 and
12. Finally, would Landau please explain how to apply
a factor of safety to a coefficient of permeability ?

Surcharge

One of the important possible objectives for using a sur-
charge is to reduce secondary compressions, as was
suggested by Landau. Thus, it is indeed strange that
procedures for surcharge design to consider secondary
compression are not mentioned in this section.

In regard to Equation 13: The coefficient of compres-
sibility a, (= -de/do’) cannot be equal to zero for a nor-
mally consolidated clay. Since the derivation and source
of Equation 13 is not immediately apparent, the pro-
cedure given by Johnson (13, pp. 122-133) or Moran (1,
pp. 79-85) should be followed for the details of precom-
pression design,

Effects of Installation Methods

Not all of the effects indicated by Landau as resulting
from disturbance due to installation of displacement sand
drains occur in all soils. For example, Johnson (13,
Figure 7, and 16, p, 157) indicates that the rate of secon-
dary compression decreases rather than increases, as
stated by Landau (effect 2). In some cases, the magnitude
of primary settlement may increase with increasing dis-
turbance, but the amount of the effect will depend on the
relative stress increase due to the fill or surcharge load.
In a well-documented field test series in Sweden, Holtz
and Broms (24, p. 462) found no significant increase in
primary settlement due to driving of closed-end mandrel
drains.

I would suggest that accurate determination of in situ
soil properties and subsurface drainage characteristics
is required for all deep drainage methods and not just
for nondisplacement techniques.

Evaluation of Sand Drain Installations

I strongly disagree with the suggested design evaluation
procedure, The comparison of designs utilizing soil
properties backcalculated from field observations with
designs based on soil properties determined on (a) com-
pletely remolded soil samples and (b) maximum values
of soil properties determined on (presumably) relatively
good undisturbed samples seems highly dubious.

It is difficult to see how soil properties determined
on completely remolded samples have any relation to
soil properties in situ. Are all pertinent soil properties
comparable when tests are conducted on such samples?
Presumably these tests would be carried out at natural
water contents. Anyone who has tried to remold even a
soft clay to determine its sensitivity knows that the pro-
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cedure is not that simple, Not only are some soils dif-
ficult to remold thoroughly at field water contents, but
the remolded properties of some highly sensitive soils
(e.g., Leda clay) depend strongly on how much energy
or effort is applied to remold them. Once such soils
are thoroughly remolded, however, they may have the
consistency of a viscous liquid. Consequently, such a
procedure for all pertinent soil properties tests seems
at best impractical.

Appropos the suggestion that, because of sample dis-
turbance, maximum rather than average values of soil
properties determined on undisturbed samples be used,
one might ask if all pertinent soil properties are re-
duced because of mechanical disturbance? How would
the natural variability in soil properties from point to
point within the same site be considered in the pro-
cedure ?

A much more straightforward evaluation procedure
has been suggested by, among others, Moran (1) and
Taylor (26), This is to compare field observations with
predictions from existing theory (2, 23) using soil prop-
erties obtained on the best possible undisturbed samples
and utilizing the highest quality laboratory testing tech-
niques., Grid factors mentioned in this section were de-
fined in an earlier paper by Landau (5).

In the last paragraph of this section, Landau makes
the rather astounding suggestion that for isotropic silty
or clayey soils the c, be taken arbitrarily as 10 times
the undisturbed laboratory c, for comparison of the ef-
ficiencies of various installation methods. Even for
varved clays, a factor of 10 may be too large., Careful
laboratory and field investigations of a varved clay by
Chan and Kenney (29, 30) found the ratio kn/ky to be less
than 5. Hansbo (31) found c» /c, to be between 3 and 5.
Thus, the suggestion that cn/cy be taken as 10 seems
arbitrary and without foundation, even for obviously
varved clays.

SAND DRAIN INSTALLATIONS

It is in this section that Landau's commercial interest
in the hollow-stem auger technique is evident. Some of
the points suggested will either preclude competitive non-
displacement techniques or require expensive (and prob-
ably unnecessary) alterations in equipment and proce-
dures. I would prefer that the specifications be more
general and include all the minimum displacements
methods listed in the second in-text table as well as the
newer band-shaped drains described earlier. Perhaps
Landau would consider altering his suggested points to
make them more generally applicable and, therefore,
more useful to the profession. The following comments
are offered to assist him in the task.

1. By not allowing the alternate raising and lowering
of the cavity-formingtool, Landau effectively precludes
one of his strongest competitors, the Dutch Jet-Bailer
method. Other jetting techniques may also utilize an up-
and-down action of the jetting tool. The important item
here is that the tool should be operated in such a manner
as to minimize displacement and disturbance of the soil.
It would also seem that different techniques might be ap-
plicable to different soil types and geologic conditions.

2. The vertical alignment of the formed drain is
probably less critical to its function than either the con-
tinuity or the disturbance factor. It is interesting to note
that in 1972, Landau proposed vertical alignment limita-
tions of 0.55 percent (9, p. 72); Aldrich and Johnson (9,
p. 74) pointed out that such a specification was exces-
sively strict and difficult to verify in practice. Ap-
parently, Landau has followed their suggestion and re-
laxed his plumbness criterion somewhat. It seems that



34

this specification is relatively unimportant and further-
more is difficult to verify in practice, especially after
the drain is installed.

3. This item is applicable to augers only.

4, Landau's suggestion to adjust the rate of advance
of the jetting tool as required in the field is better than
specifying an exact maximum. Some jetting specifica-
tions have permitted tool advance rates twice as fast as
he recommends [up to 0.102 km/s (20 ft/min)] without
apparent excessive disturbance. Field tests or past ex-

perience could be used to determine the appropriate rate.

One hopes that Landau does not really mean to equate
nondisplacement with zero pore-pressure increase.

(a) An increase in excess pore pressure results from an
increase in total stress and does not necessarily mean
soil disturbance has occurred. (b)If a pore-pressure
increase is indicative of disturbance, then the auger
method apparently caused some disturbance to the clays
in the Maine test section he later refers to. Aldrich and
Johnson (9, p. 72) report excess pore pressures up to
2.13 m (7ft) of water head as a result of installation of
drains by the hollow-stem auger method. It should also
be mentioned that this excess pore pressure was the
least of the three methods tested (32, p. 46).

One wonders if it is reasonable to apply specific re-
quirements under the rubric jetting to all the jetting in-
stallation techniques in the second text table.

5. Where does Landau recommend that limiting jet-
ting pressures be measured? What is the purpose of
limiting the pressure (however determined) to twice the
existing hydrostatic pressure in the soil at that depth?
A better approach would be to utilize jetting pressures
that are adequate to do the job. Actual pressures would
be determined by experience or by preliminary field
trials., They must be somewhat soil and site dependent
(i.e., not all pressures will work satisfactorily for all
sites). If jetting-induced pore pressures dissipate within
24 h the soil should be rather permeable. Is deep drain-
age really required at such sites ?

6. This item should also include a statement that
spoil from all auger methods must be disposed of
properly.

7. This is covered by item 6 if protection of the en-
vironment is the objective.

8., Why is it necessary that a rigid cavity support be
provided when penetrating the granular working platform
or sand blanket under the fill? It would be better to
simply require that the cavity be maintained or at least

the drain should have continuity with the drainage blanket.

As long as the cavity is filled with water, there should
be little problem with collapse of the hole. Also is it
really necessary to backfill the hole simultaneously with
the removal of the cavity support? As long as the hole
stays open until the hole is completely filled, that should
be sufficient, Careful inspection during backfilling op-
erations would ensure that collapse or excessive squeeze
has not occurred. In fact, an added advantage accrues
with some jetting methods in that the hole can be in-
spected for depth, diameter, and plumbness prior to
backfilling. Finally, why is the recommended 206.84
kPa (30 1b/in® (minimum) air pressure limited to twice
the in situ hydrostatic pressure? How is one assured
that arching in the pipe or hollow stem and, therefore,

a void in the sand drain has not occurred?

9. Landau might want to point out that sometimes
sand bulks and there might be some difficulty in knowing
the volume of the sand backfilled, i.e., volumetric mea-
surements must be at the same relative densities,

CONSTRUCTION SEQUENCE FOR
SAND DRAIN SECTIONS

The procedure suggested in item 2 would rarely, if ever,
be followed in actual practice for several reasons. Po-
tential stability problems at very soft sites would dic-
tate that sand drain installations be carried out from low
working platforms of free-draining granular materials
(this platform would later serve as the drainage blanket).
The advantage is that there would be less distance to
drive, push, auger, or jet the drains, and drain lengths
would thereby be minimized.

Installation of piezometers within 60 cm (2 ft) of the
first few sand drains is not so easily accomplished. As
pointed out by Hansbo (31, p. 90) and from personal ex-
perience, it is difficult to know the exact location of the
tip after installation, especially if the piezometers are
slowly pushed into the ground as is common in very soft
deposits. Anyway, why not attempt to install the piez-
ometer tip halfway between two drains? What is the
significance of the 24-h dissipation time? Is there some
valid reason for recommending 85 percent instead of the
more common 90 percent for nearly complete consolida-
tion?

Under item 9, Landau recommends use of Equation 14
and Figure 5 for the evaluations of disturbance (presum-
ably for comparison of different spacings and installa-
tion techniques). Can the range of values indicated on
Figure 5 be extrapolated to other sites and soil condi-
tions? What values of the two disturbance parameters
should be allowable in practice? Finally, is strength
loss due to drain installation really one of the properties
we want to use to compare different methods? As men-
tioned before, it is doubtful that such an approach is
practical in many sedimentary deposits due to the natu-
ral variation of undrained strength with depth and across
the site.

EVALUATION OF FIELD DATA

Backcalculation of soil properties, especially consolida~-
tion properties, from field measurements of settlement
and pore pressures is not always so easy (33). For ex-
ample, in the previous section the problem of knowing
the exact location of the piezometer tip was mentioned.
Calculations of ¢, from pore-pressure dissipation data
require a precise knowledge of the distance from the
piezometer tip to the drainage surface of the sand drain,
Another problem in evaluating field data occurs in
slightly overconsolidated soils if the stress increase
due to the fill does not substantially exceed the precon-
solidation stress. Leaving the fill in place prior to in-
stallation of the drains may be a worthwhile suggestion,
but it is probably only practical for test sections. Then
one has the problem of ¢,, which is required in the de-
sign calculations, What will be the relation between the
¢, (as backcalculated from field observations) and the ¢, ?

The suggestion in item 4 seems unnecessarily com-
plicated. It would be simpler to use the piezometer ob-
servations to check for dissipation of excess pore-water
pressures. Under item 5, perhaps Landau can recom-
mend a practical method for estimating the completion
of primary in advance of complete dissipation of excess
pore-water pressure. Does he recommend extrapolation
of the surface settlement-time curves, or would he uti-
lize the compressibilities from conventional laboratory
consolidation tests ?

While the suggestion in item 7 to use changes in water
contents to check settlements is attractive, I have not
found it to be particularly successful (24, pp. 460-462),
even in relatively (by U.S. standards) homogeneous clays.



COMPARISON OF INSTALLATION
METHODS

It is a pity the results and observations of the East St.
Louis test section, so often referred to by Landau, have
never been published. Thus he has unfortunately only
one case history to illustrate his suggested procedure
for comparing methods of installation. Tables 1 and 2
appear to be identical to those presented by him pre-
viously in his discussion of Aldrich and Johnson (9). A
detailed critique of these tables and Landau's proce-
dures has already been effectively done by Aldrich and
Johnson in their closure (9, pp. 72-74).

The suggestion that spoil from augered sand drains
can be utilized in the embankment fill itself (Figure 6)
is somewhat doubtful, due to the generally poor quality
soils to be sand drained. They are often silty and or-
ganic, have high water contents, and are difficult to
compact properly. Such materials should only be used
in the berms.

To Landau's comments on developing true compari-
sons must be added differences in site conditions, ge-
ology, availability and cost of backfill materials, depth
of stratum to be drained, labor (including local union
regulations), weather, and a myriad of other factors that
must be considered for any cost comparison to be mean-
ingful, Finally, I believe that within a few years some
of the newer European and Japanese drainage techniques
described earlier will make much of the controversy
about sand drain installation techniques irrelevant.

COMMENTS ON DRIVEN SAND DRAINS

As noted by Johnson (16), depending on choice of ¢, and
magnitude of additional load, mandrel-driven sand drains
have been satisfactory at a large number of sites. Dis-
advantages of increased settlement and decreased c, due
to smear and disturbance may be negligible and of little
practical importance (16, p. 160). A hypothesis will
now be offered as to why this has often been the case.

In 1972, Holtz and Holm (34) excavated more than 2
m around some sand drains af the Ski-Edeby test field
in Sweden and examined carefully the surrounding soft
clays for evidence of disturbance and remolding, We
were astonished to find vertical cracks in this very soft
clay (s, < 10 kPa, S; ~ 15) filled with sand as far as 200
mm away from the drain face. In other words, the op-
erating diameter of the sand drain was not 180 mm as
originally installed, but up to 380 mm in places. Drain
spacing at this site (test area no. 1) was 0.9 m (i.e., the
actual n ~ 2.4, or about half the design n of 5), Thus
the time for consolidation would have been about four
times faster than calculated if no allowance was made
for disturbance (c, versus c,). The cracks probably re-
sulted from hydraulic fracturing. Recent theoretical
work and field observations during pile driving by
Massarsch and Broms (35) and Massarsch (36) show
that fractures in soft clays will tend to form in the ver-
tical direction, which verifies the field observations by
Holtz and Holm (34). Thus, hydraulic fracturing with
the associated formation of sand-filled vertical cracks
may be another plausible explanation why closed-end
mandrel-driven sand drains, with all their disturbance
and smear, still have worked reasonably well at so many
sites.
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Analysis of Settlement Data From

Sand-Drained Areas

Richard P. Long and Peter J. Carey, Department of Civil Engineering,

University of Connecticut, Storrs

Rate of field consolidation is usually calculated from changes with time
of piezometer readings. Presented here is a technique for analysis of field
settlement observations to determine the field rate of consolidation and
total settlement for sand-drained areas. This technigue is developed from
equal strain consolidation theory. The approach is demonstrated and veri-
fied using field data from three construction sites. For each site, the
settlement data were analyzed for rate of consolidation and total settle-
ment. The coefficient of consolidation values extracted from the settle-
ment data are compared to those calculated from changes in pore pres-
sures. Total settlement indicated by the analysis is compared to the maxi-
mum settlement observed at each platform. Piezometers are important
for controlling construction. However, by use of this technique the com-
plete analysis of field data can be achieved independent of piezometer
readings.

Analysis of field data for rate and amount of settlement
provides a check on design parameters and assumptions.
A review of field data from previous projects in similar
soil deposits can be a valuable guide to the most eco-
nomic design. This is particularly important when con-
sidering vertical sand drains, since the expense of drain
installation must be offset by faster consolidation.
Vertical sand drains have been used for nearly 50
years to shorten the time to achieve settlements in clay
layers (1). There is, however, some question about
sand drain effectiveness in sensitive clays when displace-
ment methods are used to form the drains (2, 3, 4, 5, 6,

7). A judgment on the effectiveness of sand drains usu-
ally requires analysis of field data for rate and amount
of settlement and the comparison of these field values

to the parameters predicted from laboratory tests. The
analysis of field data also provides information on soil
disturbance due to the method of drain installation, since
disturbance tends to decrease the rate of consolidation
and increase the amount of settlement.

Field data often include information on rate of filling,
piezometer readings, and settlement platform observa-
tions. Field values of rate of consolidation are normally
computed from the change with time of the excess pore
pressures as indicated by piezometers. The amount of
ultimate consolidation settlement the fill will experience
is usually computed from the change in piezometer
readings and settlement platform observations. Steps

in the analysis using piezometer readings have been out-
lined by Johnson (1) and Moran and others (8).

Settlement platforms are less expensive to install and
easier to maintain than piezometers. The determination
of rate of consolidation from settlement data alone has
been considered difficult or impossible (1). Presented
here, however, is a simple technique for using settle-
ment data only to analyze for rate of consolidation and
total settlement. The technique is based on equal strain
consolidation theory for vertical sand drains and is as
easily applied as the conventional analysis of pore pres-
sures. The values of rate, as indicated by the coeffi-
cient of consolidation, analyzed by this settlement
method are compared tovalues determined from piezom-
eter readings. Computed total settlements are com-
pared to the maximum observed settlement. This tech-
nique allows more extensive analysis of field data from
sand-drained areas.

THEORETICAL BASIS

Consolidation in a sand-drained area can be envisaged

as dissipation of excess pore pressures in the vertical
and radial directions with reasonably well-defined bound-
ary conditions. The average consolidation reflects the
dissipation in both directions and can be written 9)

1-U,=(1-Up)1-0y) n
where

U, = average consolidation of the clay layer,

Ug = average consolidation if only radial flow to the

sand drains occurs, and
U, = average consolidation if only vertical drainage
occurs.

The expression for average consolidation due to
radial drainage, assuming equal strain, is (10)

Ug = 1 - exp[-2Tg/F(n)] @)

F(n) = {[n?/(n? - 1)] In(n) - (3n? - 1)/4n?} 3



where
n = I‘,/I“,,
r, = effective radius of the sand drain,
r, = radius of the sand well,
Ty = Cat/r,? (dimensionless time factor),
Cr = coefficient of consolidation in the radial direc-
tion, and
t = time.

The relation for vertical consolidation, which can be
found in most textbooks on soil mechanics is (9, 11, 12)

Uy=1- 3 2/M2 exp(-M?T,) )
m=0

M= (@2m + /2 )

where

T, = time factor = C,t/H?,

C, = coefficient of consolidation in the vertical direc-
tion, and

H = maximum drainage path.

An example is presented to illustrate the expected
field behavior. Using Equations 2 and 4, the progress of
average consolidation under combined vertical and ra-
dial flow can be computed. A family of curves was
computed using a value of n = 20 and a different value
of the ratio Ty/T, for each curve. The ratio of the time
factors includes the ratios of the coefficients of consoli-
dation as well as the squares of the respective drainage
paths. The results of these computations are shown in
Figure 1. The shape of the curves for combined con-
solidation is similar to the shape of the consolidation
curve for radial drainage alone in that the logarithms
of (1-U,) plots as a straight line at times greater than
Tr = 0.1. The effect of vertical drainage is to steepen
the slope. The curves shown in Figure 1 indicate that
at higher values of the time factor, the slopes of a field
settlement-time curve can be described with the aid of
the equation:

1-U;=exp [-2Tre/F(n)] (6)

where Tp = Crot/rs’, and Cre = combined coefficient of
consolidation.

The combined coefficient of consolidation (Cg,) is
greater than the coefficient in the radial direction (Cg)
because of the influence of vertical drainage.

Figure 1. {1 - Uc) versus T, for combined radial and vertical
flow.
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TECHNIQUE FOR FIELD DATA

When filling is complete and consolidation is proceeding,
the observed settlements can be described by the equa-
tion (9, 13)

p=pc+ Ucpes O]
where

p = observed settlement at the time of interest,
p, = rapid settlements accompanying fill placement,
and
Por = final consolidation settlement.

Substituting the value of U, from Equation 6 into
Equation 7 yields

p = py - exp[-2Cgt/FmIrZ] per (8)

where py = Pr + Por.
Differentiating Equation 8 with respect to time

dp/dt = exp(-2Cg t/F(n)r2] [2Cke per/F(n)ri] ®

log dp/dt = 10g[2Cgcper/F(n)rg] - [0.868Crc/F(n)rd] t (10)

Equation 10 indicates that if the slopes of the time
settlement curve are determined at three or more times
after filling and the logarithm of each slope is plotted
against the time at which the slope is determined, the
plot forms a straight line whose slope is proportional
to the combined coefficient of consolidation (Cke). The
final consolidation settlement does not affect the slope
but appears in Equation 10 as an intercept.

In general, a reliable estimate of the total settlement
(pw = pr + Por) can be obtained by an additional manipula-
tion of Equation 8.

In(p, - p)/pee = - 2Cpe t/F(n)r2 an

Applying Equation 11 at two different times and sub-
tracting

In(p, - p2)/(ps - p1) = - [2Cre/F(n)2] (t, - 1) (12)

where p; = observed settlement at time t; and pz = ob-
served settlement at time t..

Equation 12 contains only one unknown, p:, since Cs.
is now known from Equation 10.

The applicability of this technique for field data was
verified by comparing the coefficients of consolidation
determined by Equation 10 to those determined by ana-
lyzing pore pressures. The total settlements computed
from Equation 12 for data over a limited period were
compared to the maximum observed settlements. The
technique presented here can be applied to any sand-
drained area where settlement data are available.

The data for each settlement platform were plotted
against time and a smooth curve drawn through the
points as shown in Figure 2. Although the tangent of the
settlement-time curve at various points is required, the
normal to the curve can be more accurately located by
eye by use of a front-surface mirror. The mirror is
placed on the curve at time of interest and rotated until
the curve and its reflected image appear symmetrical
in the vicinity of the mirror. A pencil line is then drawn
along the mirror, which is now perpendicular to the
curve. Using a mirror allows the person doing the anal-
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Figure 2. Settlement versus time from field data.
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ysis to concentrate on the curve in the vicinity of each
selected time. A front-surface mirror eliminates re-
fraction. Figure 2 shows the perpendiculars determined
with a mirror. The slopes of the perpendiculars were
then converted to the tangents with

(BY/DX)tangent = = 1/ IAY/DX) normar (% scalefy scale)? ] (13)

A typical semilog plot of the tangents (dp/dt) against
time is shown in Figure 3. As can be seen from Figure
3, the points fall close to a straight line for times be-
tween 125 and 300 d. The slope of this straight line was
used in Equations 10 and 12 to determine Cg, and p:.

Also note from Figure 3 that the plotted slope of the
settlement-time curve at 110 d is above the line formed
by the slopes at greater times. This behavior was ob-
served in several plots. The predicted effect of vertical
drainage is to steepen the consolidation-time curve as
shown in Figure 1. This effect is greater at times less
than Ty = 0.1.

This technique was applied to field data from three
highway construction sites.

Site Descriptions

Site 1: Southern Tier Expressway

This site is located in Jamestown, New York. Details
of the site were recorded by Leathers (14). The profile

Figure 4. Plan and center line profile, Southern Tier
Expressway, ramp KJ, site 1.
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shown in Figure 4 gives the basic soils and properties
at the site. The major deposit is a layer of varved clay
about 27.4 m (90 ft) thick, which is covered by sand and
silt and underlain by sand, silt, and gravel. Sand drains
were installed by jetting. Minimum sand drain spacing
was 2.0 m (6.5 ft), increasing toward the northwest un-
der the higher embankment as shown in Figure 4. The
drain spacing at settlement platforms 4 and 6 was as-
sumed as 2.0 m. The drain spacing at settlement plat-
form 7 was about 5.5 m (18 ft). The diameter of the
sand drains was 0.3 m (12 in).

Site 2: East Approach to the Putnam Bridge

The Putnam Bridge spans the Connecticut River a few
kilometers south of Hartford, between Wethersfield and
Glastonbury, Connecticut. The eastapproachrequireda
high fill that was stabilized by berms. Sand drains 0.45 m
(18 in) in diameter were installed with a continuous flight



auger (6). Spacing of the sand drains near the function-
ing piezometers was 3.05m (10ft). The fill and soil pro-
files are shown in Figure 5. The varved clay is about
27.4 m (90 ft) thick. A layer of sand covers the varved
clay and a stratum of till separates the clay from bed-
rock.

Site 3: I-95, Portsmouth, New Hampshire

This site is located in New Hampshire at the intersection
of the New Hampshire and Spaulding turnpikes. Details
of the soils and construction have been published else-
where (15, 16). A typical profile shows a shallow layer
of organic materials, a 1.5-m (5-ft) clay crust, andthen
6- to 11-m (20- to 35-ft) soft, somewhat sensitive, marine
clay underlain by a sandy glacial till over bedrock. The
marine clay had a liquidity index between 1.5 to 2.0.

The sand drain spacing varied between 2.7 and 4.9 m

(9 and 16 ft), depending on location along the highway.
Most of the sand drains are beneath the high part of the
fill. The drain diameter is 0.30 m (12 in). The Dutch
jet-bailer method of jetting was used to install the sand
drains (16).

RESULTS

Southern Tier Expressway and Putnam
Bridge

The results from these two projects are reported in
Table 1. The method outlined by Johnson (1) was used
in compute Ci, from the piezometer readings. Values
of p, were computed from Equation 12.

The values of Ci, for the Southern Tier Expressway
from settlement data are about the same as those computed
from piezometer readings for platforms 6 and 7 and are
slightly low for platform 4. At both of these sites the
drain spacing is small compared to the vertical thick-
ness of the clay deposit. The influence of vertical drain-
age is small and Cg, will be close to Cs.

The values of p. from the settlement data are approx-
imately equal to the maximum observed settlements.
The maximum observed settlements may contain some
secondary compression settlements.

Only two piezometer groups at the east approach to
the Putnam Bridge functioned long enough to determine
a value of Cr.. However, as can be seen from Table 1,
the values of Cg, as analyzed from the settlement data
alone are about the same as values determined from the
piezometer readings. The values of p. are slightly
larger than the maximum observed settlements, indi-
cating that the consolidation was not complete, which
was supported by the piezometer readings.

1-95, Portsmouth, New Hampshire

The consolidation at this site was influenced most by
vertical drainage. The thickness of the clay layer was
about 12.2 m (40 ft). Since laboratory data were avail-
able for C,, the values of Cz were separated from Chg,.

The separation of Cp from Cg, requires that either
the value of C, or the ratio Cs/C, be known. Since the
combined behavior is similar to the radial behavior,
Equation 1 can be written

exp{-[2/F(m)] (Tpe - TR)} =1-1U, (14)

where the subscripts indicate the coefficient of consoli-
dation used to compute the time factors. To use Equa-
tion 14, substitute the approximate expressions for Uy
(11) and take the natural logarithms of both sides, which
yields
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if T, < 0.28 {-[2/F(n)] (Tx. - Tr)} = In[1 - (4T, /m)*] (15a)

if T, »0.28 [-2/F()1(Tg, - Tg) =In(8/n?) - n2 T, /4 (15b)

When computing the time factors for use in Equation
15, an adjustment must be made for construction time.
This is normally done, in accordance with the method of
Taylor, by halving the construction time (11).

Equation 15 is convenient to use when C, is known.
When there is more confidence in the ratio Cy/Cy,
Equation 15 can be rewritten

t= 12TR/Cx = H2T,/C, (16a)

Therefore,
T, = (C,/Cx) (12 /H*) T (16b)
Equations 15a and 15b then become:
~[2/F@)] (Tge - Te) = In [ 1 - {1(4/m)(C,/Cr)
(2 /H Tp}% | (17a)

-[2/F(n)] (Tge - TR) =+ 1n (8/7?) - (w2/4)

xL(C/Cr) (12 /)] Ty } (17b)

Equation 17 must be solved by trial and error. A few

trials are usually sufficient to obtain the proper value
of Ts. The best estimate of Cy by either Equation 15 or
17 is obtained by first computing T; for a series of
times, then determining Cg on an increment of time
basis from

ATy = (CrAt)/12 (18)

The results of analysis from I-95 are shown in Table
2. Values of Cg, and p. were found as explained for
Table 1. The value of Cy was estimated at 0.13 mm®/s
(0. 12 ft*/d) from laboratory data. Having appropriate values
of Cs, H, Cg, and r,, values of the time factors Ty and
Ts. can be calculated for any time. These time factors
were then used in Equations 15 and 18 to determine Cs.
As can be seen from Table 2, the values of Ck by both
methods are comparable and the values of p. are slightly
larger in most cases than the maximum observed set-
tlements.

COMMENTS AND CONCLUSIONS

Information on pore pressure behavior during construc-
tion is invaluable. Piezometers tend to have a limited
functional life in areas experiencing large settlements.
On routine projects piezometers are most needed to
monitor pore pressures generated during filling. After
pore pressures have peaked, malfunctioning piezometers
are seldom replaced. Settlement platforms perform
their functions for longer periods of time, making settle-
ment data more readily available. This technique [fills

a need to be able to analyze settlement data when no
piezometer readings are available.

The technique is relatively simple to apply. In addi-
tion to standard engineering office supplies, the tech-
nique requires a mirror, preferably a front-surface
mirror. The analysis of data from each settlement plat-
form requires about 1 h. Field settlement data alone
can be analyzed to yield valid rate of consolidation and
total settlement values.
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Table 1. Summary of cFlc results, sites

1and 2 Sa.nc.I Cre Maximum
d Settlement Drain Cee” (settlement Observed
Project Platform Spacing (piezometer) data) P Settlement
Name No. (m) (mm®/s) (mm?/s) (m) (m)
Southern L} 2.0 0.27-0.71 0.13 0.21 0.22
tier ] 2.0 0.12-0.26 0.15 0.42 0.45
expressway T 5.5 0.70-1.69 1.02 0.48 0.51
East approach 1 3.0 0.12 0.41 0.39
Putnam Bridge 2 3.0 0.15 0.18 0.88 0.84
3 3.0 0.14 1.48 1.28
4 3.0 0.29 1.19 1.08
T 3.0 0.09 0.47 0.43
11 3.0 0.16 - - 1.55
Note: 1 mm?/s=0.93 ft2/d; 1 m = 3.3 ft.
2 As reported by Leathers {14} and Long and Healy {17},
Table 2. Summary of C_ results, site 3. Sand Coe Masimum
Settlement Drain Cec” (settlement Observed
Project Platform Spacing (piezometer)  data) P Settlement
Name No. (m) {mm?/s) (mm?/s) (m) (m)
1-95 Cc-1 2.7 0,27-0.48 0.38 1.37 1.34
Interchange C-2 2.7 0.22-0.35 0.37 1.01 1.01
C-3 3.8 0.09-0.48 0.15 1.28 1.01
Cc-4 2.7 0.15-0.37 0.37 1.34 1.31
C-5 3.8 0.16-0.59 0.10 0.98 0.61
C-1 2.7 0.10-0.27 0.27 1.25 1.19
C-8 4.9 0.32-1.08 0.92 0.73 0.82

Notes: 1 mm?/s= 0,93 ft>/d; 1 m = 3.3 ft.

2As reported by Gifford {15) and Ladd, Rixner, and Gifford (16).
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Settlement Rate Experience for the
Use of Sand Drains in a Tidal Marsh

Deposit

A. A. Seymour-Jones, Howard Needles Tammen and Bergendoff, New York

Tidal marsh deposits are found over a wide range of
coastal areas in the world. Technical publications have
noted the results of the use of surcharge and sand drain
treatment to stabilize tidal marsh deposits. This paper
supplements existing information on settlement rates in
tidal marsh deposits and compares it with previously
published data.

The use of surcharge treatment and conventional dis-
placement sand drains was utilized to construct two ap-
proach roadway embankments over a tidal marsh deposit
adjoining a bridge over the Maurice River at Maurice-
town, New Jersey. The tidal marsh deposit generally
ranges from 7.6 to 15.2 m (25 to 50 ft) in depth and con-
sists of organic silty clay having a Unified Soil Classifi-
cation System classification of OH. This soil exhibits
a relatively wide variation in natural moisture content
and compressibility.

The approach embankment heights for the Maurice
River project ranged from 1.5 to 4.6 m (5 to 15 ft). The
design height of embankment with surcharge ranged from
3.0 to 9.1 m (10 to 30 ft), twice the embankment height.
The relatively large surcharge was used to eliminate
most of the relatively large anticipated secondary set-
tlement, which is typical of organic soils as well as of
the primary settlement. The intent of this design was
to obtain 90 percent consolidation of the underlying
organic silty clay due to the weight of the embankment
and surcharge during a 14-month surcharge period. To
obtain this objective, displacement sand drains were
used where the depth of tidal marsh deposit exceeded
7.6 m (25 ft) or where the height of embankment with
surcharge exceeded 7.3 m (24 ft). The need for sand
drains and the required sand drain spacing were based

Figure 1. Coefficient of consolidation field data.
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on the rapid decrease in the coefficient of consolidation
with the increase of the average consolidation pressure,
as illustrated by the design curve in Figure 1.

The different sand drain spacing used was due to the
variation in the coefficient of consolidation associated
with the consolidation pressures resulting from the dif-
ferent fill heights and depths of tidal marsh deposit.
Sand drain spacings of 3.7, 4.3, and 4.9 m (12, 14, and
16 ft) center to center on a square pattern were used
as well as surcharge treatment without sand drains.

Settlement platform data were used to evaluate the
field coefficient of consolidation by use of the square
root of time versus settlement plot relation. Consolida-
tion by both vertical and horizontal flow, assuming equal
permeability in both directions, was used to deter-
mine the field coefficient of consolidation.

The calculated values of the coefficient of consolida-
tion of the field data versus the average consolidation
pressure are shown in Figure 1 along with the original
design curve. It shows much better correlation than the
laboratory data had. The field data range from 25 per-
cent below to 50 percent above the design curve.

The effect of the sand drain spacing on the coefficient
of consolidation based on the field measurements was
evaluated. A plot of the coefficient of consolidation
versus sand drain spacing was developed and is shown
in Figure 2. Points 1 to 4 are for this project. Points
5, 6, and 7 are based on data from the files of my firm
for the other projects that involved the use of surcharge
and sand drains in tidal marsh soils.

Published data by others involving the use of sur-
charge and sand drains in tidal marsh soils were also
added and are denoted by points 8 through 29. It should
be noted that five of the points (4, 7, 10, 11, and 27) are
for surcharge treatment without the use of sand drains.
Four other points are for nondisplacement sand drains—
points 14 and 24 are for augered sand drains and points
25 and 26 are for jetted sand drains.

The data in Figure 2 exhibit an appreciable variation,
but indicate that the coefficient of consolidation de-
creases with decreasing sand drain spacing. This could
be due to the increased disturbance effects caused by a
closer sand drain spacing. Figure 1 shows that the con-
solidation pressure magnitude also affects the coefficient
of consolidation, i.e., the higher the consolidation pres-
sure, the lower the coefficient of consolidation.

To evaluate the relative effects of sand drain spacing
and consolidation pressure, selerted data for points on
Figure 2 were replotted showing the coefficient of con-
solidation versus total consolidation pressure in Figure
3. DPoints 15, 16, and 17 show a decrease in the co-
efficient of consolidation with a decrease in sand drain
spacing for the same total consolidation pressure as do
the points 22 and 23. A comparison of points 22 and 23
with points 24 and 25, which are for the same total con-
solidation pressure, indicate the potential benefits to be
derived from using nondisplacement sand drains. The
data indicate that disturbance effects resulting in a lower
coefficient of consolidation do occur with decreased sand
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Figure 2. Relationship between coefficient of consolidation field data
and sand drain spacing.
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drain spacing and nondisplacement sand drains produce
a lesser magnitude of disturbance than displacement
sand drains.

The relatively high coefficient of consolidation for
point 4 with respect to points 1, 2, and 3 is probably
due to the omission of sand drains for point 4 and the
resulting absence of the disturbance effect due to sand
drain installation.

Figures 2 and 3 show that in at least some cases the
spacing used with conventional displacement sand drains
does materially affect the field coefficient of consolida-
tion and thus the field settlement rate. It is possible
that for some of the other data the use of closer sand
drain spacings resulted from design considerations such
as lower laboratory coefficients of consolidation.

This study led to the following conclusions:

1. A review of field settlement platform data showed
that the range in the settlement rate was much narrower
than that indicated by the laboratory test data.

2. The field settlement data corroboratedthat, for the
design of displacement sand drains in tidal marsh de~

The Iowa K-Test

R. L. Handy, A. J. Lutenegger, and
J. M., Hoover, Department of Civil
Engineering, Iowa State University,
Ames

A simple and rapid laboratory, test that uses standard 9.44 ¢cm?® (0.03
t3) compacted soil specimens for strength comparisons is presented
and discussed. The test gives discrete evaluations of undrained ¢, ¢,
and other strength parameters from single soil specimens. The speci-
mens are subjected to vertical compression while confined in a split
steel mold, which acts as a spring, so that spreading of the mold pro-
vides a measure of lateral stress. Thus, K, or the ratio of soil horizon-
tal to vertical stress, may be continuously monitored and used to ob-

Figure 3. Relationship between coefficient of consolidation field
data and total consolidation pressure.
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posits, the average coefficient of consolidation from con-
ventional laboratory consolidation samples should be
used and that any increase in horizontal over vertical
permeability should be neglected.

3. The plot of coefficient of consolidation versus sand
drain spacing shows a significant trend for a large num-
ber of different tidal marsh deposits. For some of these
data a closer spacing of conventional displacement sand
drains showed a resulting reduction in the coefficient of
consolidation as measured from field data and appears
to be due to disturbance effects. These data also show
that the total consolidation pressure has a marked ef-
fect on the field-measured coefficient of consolidation,
as would be expected from the laboratory consolidation
test data.

Publication of this paper sponsored by Committee on Embankments and
Earth Slopes.

tain strength parameters and moduli as the test progresses. In addition,
a direct measure of soil-to-steel friction as a function of normal stress
is obtained. The K-test simulates an undrained, rapid field-loading situ-
ation and appears particularly applicable for transportation facilities.
This paper presents representative results on several soils, discusses er-
rors in the assumptions, and describes some potential uses of the test
for design and control purposes.



Lateral stress induced from an applied vertical pressure
on soil has been of fundamental concern since the clas-
sical work of Coulomb on retaining structures (1). Rank-
ine (2) suggested that a ratio of lateral to vertical stress
is a discrete property of granular soils, the lateral
stress being reduced by the soil's internal resistance

to sliding—termed the active state. Rankine (3) later
suggested that the value of the ratio (K) is not only im-
portant for design of retaining structures but also for
simple, direct analyses of bearing capacity.

HISTORY OF SELECTED K-TESTS

One of the earliest attempts at direct measurement of
the active state ratio was made by Goodrich (4). His
apparatus consisted of a cast-iron cylinder that had a
circular hole near the bottom, into which a plug was
carefully fitted. Soil pressure on the plug activated a
buzzer, and the force required to push the plug back,
breaking the electrical circuit, was measured.

Tschebotarioff (5) described a lateral earth pressure
meter consisting of a thick-walled cylinder, one-half of
which consists of 12 horizontal half-circular ball-bearing
mounted rings, each ring connected to a dynamometer
with SR-4 strain gauges. Values of K, = oy,/0, are com-
puted for each ring, assuming constant o, throughout
depth of specimen. Since some lateral movement occurs,
the measured value of K, may not be a correct repre-
sentation,

A simpler apparatus developed by Sowers (6) used
SR-4 gauges applied directly to the walls of a horizon-
tally slotted thin-walled mold. Since little specimen
movement was allowed, the test was considered advan-
tageous for K, estimation. Other means for measure-
ment of Ko were devised by Terzaghi (7) and Obercian (8).

A widely used method to obtain a measure of K is the
Hveem stabilometer (ASTM D2844-69) wherein lateral
stress in a cylindrical specimen is measured as fluid
pressure in a liquid-filled cell (9). Stabilometer R
values may be modified to account for variable resis-
tance of a soil to lateral deformation (10).

Housel (11) proposed a more conventional triaxial
stabilometer test and pressure transmission factor, the
latter being a function of changes in lateral and vertical
stresses. In this test, lateral deformation is consider-
able. Recognizing this fault, Wedzinski (12) measured
induced lateral pressures in silts in a closed-system
water~filled triaxial cell where magnitude of pressure
was observed by means of movement of a closed air
bubble in a side-mounted capillary tube.

INDIRECT EVALUATIONS OF K FROM
TRIAXIAL DATA

For design purposes, K is commonly evaluated by tri-
axial tests at several preset values of lateral stress (os)
or by direct shear tests at several preset values of nor-
mal stress (o,); derived values are internal friction an-
gle (¢) and cohesion (c). For cohesionless soils, K is
found from the Rankine formula,

Ke=0) = (1 -sin ¢)/(1 + sin ¢) €}]

Conventional shear tests are not realistic for several
reasons, one being that the lateral stress oy, (or the nor-
mal stress o, in direct shear) is held constant, whereas
in field loading these stresses gradually increase as a
consequence of increasing vertical load. Nevertheless,
stress-strain relations evolved from triaxial tests are
widely interpreted as accurately representing field be-
havior and are used in sophisticated computer-based
techniques. Yet in tests conducted with the lateral
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stress held at a single value, vertical stress climbs to
a peak and then declines, whereas in tests where o,
floats upward, vertical stress likewise climbs and there
may be no peak strength but simply a continuing depen-
dence of vertical stress on lateral restraint. Field fail-
ure occurs when sufficient lateral restraint cannot be
mobilized or when vertical deformation is excessive for
a given load.

IOWA CONTINUOUS K-TEST

The present K-testing concept began when a commercial
split Proctor mold was left unlocked, a compacted soil
specimen was placed inside, and it was squeezed between
steel end plates while mold expansion was monitored with
a dial gauge. The mold was calibrated using a tangential
force, and later air pressure in a rubber membrane.
Figure 1 shows the results from testing three different
soils with this primitive apparatus. The higher the lat-
eral stress ratio, the lower the stability. The silt test
sprang the mold.

¢ and ¢

The data of Figure 1 show that K was not constant but
varied as a function of g;. This may be accounted for
by converting K values to equivalent ¢ and ¢, more com-
monly used in design. From a Mohr circle, a c-¢ soil
at failure produces (5)

K = 03/0, = tan2(45° - $/2) - (2c/o,) tan(45° - ¢/2) @)

If c =0, the second term is 0, and Equation 2 is identi-
cal to Equation 1. If ¢ =0, Equation 2 becomes

Kg=0y =1 - 2¢/a, 3)

Thus, for a c-soil, K increases as o; increases. This be-
havior is shown by the clay and early stages of the silt
in Figure 1. Thus, as a generalization, a constant K
with respect to a1 should signify a granular or ¢-soil,
and a K that increases with ¢, should signify a c-soil.
Most soils have both internal friction and cohesion.
Since any two points in a K-test represent two Mohr
circles, if failure is in progress these will define a
tangential failure envelope such as AA’(Figure 2). Lin-
ear extrapolation to the abscissa gives

¢ =sin! [(01 - 03)/(01 + 03 - 20))] (CH)

For any two Mohr circles that describe a failure condi-
tion, Equation 4 may be written for each circle. Solving
for o, gives

4 :(011032 '012031)/(011 - 014 =034 +032) )

Thus, the numerical procedure to reduce any pair of
K-test data points is as follows: o, is obtained by Equa-
tion 5, ¢ by Equation 4, and c from

c=-gjtan ¢ (6)

The above procedure applied to the data of Figure 1
gives relationships such as shown in Figure 3 for the
clay. Inthis case, g starts high and decreases to 0 as
the load is applied, the soil compresses, and pore pres-
sures develop. Simultaneously, c increases. Error in
¢ also increases to the right due to the longer lever arm
(AA’ in Figure 2) as Mohr circles shift to the right.

The erratic, zig-zag nature of the plot suggests ex-
perimental error, but it also may reflect a test peri-
odicity, such as stick-slip. That is, gradual develop-



44

Figure 1. Lateral stress ratios from several soils compacted with
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Figure 2. Mohr envelope from two K-test points.

9 * o

= == -%

ment of cohesion may be periodically interrupted by a
sudden, temporarily disruptive slip. Evidence for this
is that the curves are not random ups and downs, since
the highs of ¢ (and lows of ¢) usually last for two or three
points, whereas the lows of ¢ (and highs of ¢) are single
points.

Similar treatment of the data for crushed stone gave
a consistent ¢ around 51° with ¢ hovering about 0.
The loess behaved first as a weak granular material,
with ¢ about 20° and c around 14 kPa (2 1b/in?, then
showed effects from pore pressure: ¢ dropped and c in-
creased with increasing o;.

In summary, the trends of ¢ and ¢ are about as ex-

pected, although actual indicated values may be incorrect.

Mold Redesign

A special K-test mold was made with the wall thicker

at the back (Figure 4) in the zone of maximum bending
moment. The opposite side is slotted, with an internal
Teflon strip acting as a seal. The interior of the mold
is polished and chromium plated to resist abrasion. A
0.0025-mm (0.0001-in) dial gauge is mounted externally
to monitor expansion. With uniform internal pressure
the change in mold radius is not uniform but gives two
radial bulges about 90° to one another and 45° from the
mold slot. The mold is slightly larger than the speci-
men diameter, thus avoiding an initial passive condition
from soil being forced into the mold (i.e., the horizontal
confining stress initially must not exceed the vertical
stress, or an initial passive stress state must be over-
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Figure 3. Increase in ¢ and decrease in ¢ for a clay under increasing
load in the K-test.
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come before obtaining active state K data).

Several procedures that involve air pressure were
used to calibrate the K-test molds. More successful,
however, has been an artificial soft thermoplastic soil
specimen with K nominally equal to 1.0. In this way,
horizontal stress is assumed to equal the applied verti-
cal stress, and a horizontal stress versus mold opening
calibration is prepared. Calibrations are linear, en-
abling data reduction by linear equations.

Stress Path Interpretation of K-Test Data

Graphs such as Figure 3, while of interest for showing
how strength may develop in a soil under increasing load,
are of little direct use in design where mean values of ¢
and ¢ are needed across the anticipated range of field
loading. It may be more convenient to plot a p-q dia-



gram, as in Figure 5, and fit a line by least squares
regression, converting slope and intercept to ¢ and ¢
(13). This also has the advantage of plotting several
tests on a single graph,

Tests of Dry Sand

Results from 20 K-tests on dry standard Ottawa sand
with initial void ratios varying from 0.55 to 0.74 were
analyzed by the stress path method (14), Stress path
plots were exceptionally linear, and all regression co-
efficients exceeded 0.999. The friction angle ¢ varied

Figure 4. Constant-E model lowa K-test mold for Proctor or
equivalent-size specimens.
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Figure 5. Stress paths from typical K-tests.
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from 30° to 41° and was inversely related to the initial
void ratio, ¢ = 64.5° - 44.2 (eo); r = 0.68.

Taylor and Leps (15) report essentially the same
trend for Ottawa sand but with ¢ lower by 5° to 10°% de-
pending on the normal stress. Though cohesion values
should be 0, ¢ from the K-tests averaged 17.6 + 15.4 kPa
(2.8 + 2.2 1b/in?%, the * value indicating standard devia-
tion, and showed no relation to eo. An important source
of this error is boundary stress between soil and mold
and between soil and end-loading platens. Such friction
must be quite high in the case of the sand, which tended
to score the mold, and is discussed later.

In summary, K-tests of Ottawa sand showed excellent
linearity and precision in the determination of ¢ and ¢ by
the stress path method. Furthermore, the trend of ¢ in
relation to void ratio is as it should be; however, on the
average, ¢ appeared to be overestimated by about 5°, and
¢ by about 20 kPa (3 1b/in’).

Glacial Till

Figure 6 shows the results of 25 K-tests on a glacial
till-derived Shelby series soil molded by AASHTO T-99
compaction. Since ¢ and ¢ of cohesive soils vary during
the test, the use of a linear stress path is an averaging
approximation, the degree of departure from a line caus-
ing a decrease in correlation coefficient (r), which varied
from 0,86 to 0.999. The ¢ and r values are lower for
wetter samples, indicating development of positive pore
pressures.

Figure 6 shows the expected trends—the higher the
moisture content, the lower are ¢ and ¢. Extrapolation
to predict the moisture content at which ¢ and ¢ are 0
gives 29 and 32 percent, respectively. The plastic limit
of this soil is 32 percent. From these data, it appears
that pore pressure is a most important variable, par-
ticularly when comparing results of K-tests with more
conventional laboratory tests. This does not mean that
the uncorrected total stress parameters ¢ and ¢ cannot
be usgeful for design purposes. On the contrary, where
anticipated loading rate and conditions inhibit or pro-
hibit drainage, ¢ and ¢ may be more useful than effective
stress parameters ¢’ and ¢’ because field pore pressures
are not very predictable. As will be shown, the influ-
ence of pore-water pressure in the K-test may be di-
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rectly monitored through a measured reduction in side
friction,

E and y
An estimate of the vertical deformation modulus E,,

useful in pavement design and required for finite ele-

Figure 6. K-test ¢ (top) and ¢ (middle), and v, (bottom) versus
compaction moisture content for a glacial till soil.

s
4 SHELBY SOIL
4 ¢ =68.3 - 237w,
30

a r=0,923

-

g -

=

L

z

=]

= 10—

4

[

© Lo I (o) ! I | I I

o = . 20
< 0~Q__ c=33.8-1.05w,

PO | — — -

1= o= -9aP & 0.82

3 i (] -ogﬂg —{10 psi
p= —- o

g o T w20,
o

= |
™

E

S

2

o

=

-

=

wv

=

=]

. 1400}— Note: 1kg/m? = 0.6 Ibf/ft?, 1 kPa = 0.2 Ibf/in2,

x | | | | | | 85
@ 14 16 18 20 22 24 26 28
e

MOISTURE CONTENT w, %

Figure 7. Typical stress versus strain diagram from K-test.

160
Note: 1kPa = 0.2 Ibf/in?,
1000 |~
- — 140
e
s £
o —120
P = z
800 LIS
A
LA
L 1.0 ol
° g 100
Il [ ] )
3
éi 600 P a QZ\ o
» N o B
5) ° o a
a I o o}
& ° o
= e
n ° 5 (o] \gz/\
2 400 - o )60
= ¢
< ® o
L3 o
— 40
° o
o
200 |— °
¢}
[} — 20
L o}
°
0 | | : | |
1 2 3 4 5 6

€, » AXIAL UNIT STRAIN x1072

ment modeling, may be directly obtained from K-test
stress-strain plots (Figure 7). E, is not a true elastic
modulus since the soil is in failure but should be a
fairly accurate reflection of field behavior. The stress-
strain relation is much more linear than in triaxial tests
where lateral stress is constant and may explain the
success of elastic theory for predicting soil stresses in
the field under load. The E, for Ottawa sand increased
during the test, which is indicative of compaction.

Another measure required for characterization of
stress under load for application of elastic theory or the
finite element method is Poisson's ratio (y). For a ho-
mogeneous, isotropic, elastic material it can be shown
that

Vv =(€r07 - €,0;)/[2€;0¢ - €,(0; + 0,)] Q)
where ¢, and ¢, are radial and vertical unit strains, and
o, and g, are corresponding stresses. Since these values
of stress and strain are measured in the K-test, a direct

evaluation of Poisson's ratio may be obtained.

Side Friction Experiments

A major criticism of the K-test is the influence of fric-
tion between the soil and its confining steel mold and end
platens. Platen friction is also a problem in triaxial
tests where its effects are standardized by adapting a
standard height-diameter ratio, normally 2.0. In the
K-test, this ratio is closer to 1:1, and there is the ad-
ditional friction from the mold.

Two approaches to the side friction problem are to
minimize it and to measure it. Measurement offers
some unique advantages:

1. Soil-to-steel friction is directly obtained as a
function of normal stress, giving soil-to-steel sliding
friction parameters (c, and ¢,) that are potentially useful
in design of pile, earth movers, and farm implements.

2. If the measured soil-to-steel friction parameters
are assumed to apply to end platens of similar material
and finish, the average boundary stresses will be known,
and there exists a potential for a complete solution of
stresses within the specimen. This would appear to
offer a substantial advance over present triaxial testing.

3. Pore pressure effects may be evaluated directly
from the influence on side friction, rather than through
pressure transducers,

Side friction was measured by supporting the K-test
mold on a pressure cell, such that the soil specimen
would move downward and push on the base cell piston
(14). In this way, all side friction was mobilized upward,
Summing vertical forces on the soil gives

Fy=Fy +Fs (8)
where

F, = the top load on the soil,

F, = the bottom load, and

F, = the side friction.

Substituting stresses times respective end and side
areas and solving,

7s = (Ac/As) (a¢ - 01) ®

7y = (R/2H) (01 - 0v,) (10)



Table 1. K-test soil and soil-to-steel friction data for Shelby sail.

Soil-to-Steel Effective Stress

Soil Parameters Parameters Soil Parameters
Moisture —
Content, ¢ [ 2. Ce 0’ e’
W (9 (degrees) (kPa) (degrees) (kPa) (degrees) (kPa)
12.4 39.1 132 28.0 18 39.1 132
15.2 37.4 87 27.0 5 38.0 85
15.3 34.8 119 25.5 18 35.4 128
16.5 31.6 121 23.2 10 33.3 130
17.3 30.5 119 18.2 21 36.6 118
18.8 25.9 71 15.4 3 35.6 66
19.5 23.8 43 13.1 17 39.8 80
20.1 22.6 17 11.5 23 36.2 74
21.7 18.6 74 .1 12 38.5 57
22.6 16.1 66 6.1 10 38.2 50
22.9 17.3 76 5.7 26 44.2 43

Notes: 1 kPa = 0.145 Ibf/in?.

Parameters are uncorrected for side friction.

Regressions for total stress are ¢ = 70,9 - 2.39w, r = 0.988; ¢, = 61.6 - 2,45w, r = 0.981,
c=199 - 5.5w, r=0,775;cs = 4.9 + 0.55w, r = 0.269; and ¢, = 1.03 - 11.3, r = 0.992,

Regressions for effective stressare ¢ = 31.2+ 0.35w, r = 0.417; and ¢’ = 250 - 9.0w,
r=0.877

where

T, = the average side frictional stress,
A, and A, = end and side areas of the cylindrical soil
specimen, respectively,
R and H = its radius and height, and
o, and o, = the nominal vertical stresses on its top
and bottom.

Typical plots of K-test side friction versus normal
stress obtained from the mold expansion give linear re-
lationships. Slope of the plot is the soil-to-steel fric-
tion angle (g,) and the intercept is soil-to-steel adhesion
(c,). In every case, it was found that the slope ¢, < ¢,
and the intercept c, < c. However, neither ¢,/¢ nor c,/c
describes any specified ratio, as often assumed for pile
design.

A summary of soil and side friction parameters is
given in Table 1. Regressions of total stress data in
Table 1 indicate that for the Shelby soil ¢, = ¢ ~ 11,35
A series of tests on compacted friable loess gave a
similar result: ¢, = ¢ - 12.8°, Part of the approximate
12° difference between ¢, and ¢ may be an overestima-
tion of ¢ by the K-test, whereas the vertical and hori-
zontal forces to calculate ¢, are directly measured, and
there should be no analogous error in its determination.

The adhesion c, (Table 1) is low and erratic but tends
to increase with increasing moisture content. Since the
tests were performed immediately after compaction,
there was little time for soil-steel adhesion to develop.

An unusual feature of the K-test is the evaluation of
pore pressure from the effect on side friction rather
than measurement under dynamic loading. The equa-
tion for side friction on an effective stress basis (indi-
cated by /) is

T¢ =cd = (op -u)tan ¢¢ (11)
where

T, = shearing stress,

¢, = adhesion,

¢, = soil-to-steel friction angle,

o, = total horizontal stress obtained from mold ex-
pansion, and

u = pore water pressure,

Solving,

u=oy {1 - [tan ¢s/tan ¢¢ + (cg - c5)/tan ¢S']} (12)
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Since ¢, is small and probably not affected by pore pres-
sure (i.e., ¢, = c,) the equation may be simplified to

u= oy (1-tangg/tan¢y) (13)

As previously discussed, ¢ and ¢, for a wet soil
change as the test progresses due to development of
pore water pressure. Side friction should be particu-
larly sensitive to pore water pressure because there is
no dilatancy. The soil is pressed against an imperme-
able steel face; therefore, pore pressure developed at
the face should be essentially the same as that within
the specimen.

In the initial stages of a side friction test, the slope
is ¢} if u = 0. This is shown by the first six points of
the wet clay sample (Figure 5). Pore pressure then
determined from Equation 13 gives effective stress data
(Table 1),

Regressions of the effective stress parameters (Table
1) show a higher dependence of ¢’ on moisture content
than the total stress parameter ¢, and a higher correla-
tion coefficient. As should be expected, ¢’ changes rela-
tively little with moisture content, and appears to in-
crease with increasing w. However, the standard error
indicates about a 70 percent possibility that the relation
is due to chance. Wetting has been observed to sub-
stantially increase ¢’ of nonclay minerals while reducing
that of clays (13).

Actual Stress Distribution

A previously cited advantage of the K-test is the direct
determination of side friction as a function of measured
normal stress. If the end platens are of the same ma-
terial and finish as the mold, radial end friction should
also be characterized. If all soil-to-~steel friction is
fully mobilized, vertical stresses at the top and bottom
(o, and o,) should plot on the soil-to-steel side-friction
envelope rather than on the abscissa of 7 =0, The in-
dicated horizontal shearing stresses at the platens (1,
and 1,) must decrease to 0 and reverse directions near
the platen centers, so 7, and 7, are positive extremes.
Downward within the soil specimen, 7 also must de~
crease to 0 and then reverse. The mean stress on hor-
izontal planes within the specimen, therefore, must be
within the shaded trapezoid of Figure 8.

Approximations to a Mean Failure
Envelope

The precise topography of stress distribution within the
K-test specimen is not known but should be within the
capability of finite element modeling once boundary con-
ditions and soil behavior are fully defined. However,
the test purpose is to define soil behavior, so a stress
distribution must be assumed. If desired, the approxi-
mation may be tested on the basis of derived behavior.

The first approximation used in this paper assumes
g, = 01 and o, = g3, a very simple procedure adapted for
routine tests and not requiring bottom pressure readings.
This is shown by the solid-line uncorrected failure cir-
cles (Figure 8).

A second approximation that should be closer to re-
ality can be based on assumed validity of the soil-to-
steel failure envelope, which is directly measured (Fig-
ure 8). The top and bottom normal stresses (o, and o)
also directly measured, must plot on or slightly below
this envelope. The horizontal shearing stress 7is a
maximum at the upper platen but must decrease to 0 and
reverse both across and downward within the soil speci-
mens; hence the upper o¢; limb of the Mohr circle must
pass somewhere through the shaded area of Figure 8,
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Figure 8. Two data points from a test on Shelby soil,
showing two methods to obtain ¢ and c. Note: 1kPa=0.2 Ibf/in?, 1 kg/m? = 0.6 Ibf/f3.
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rather than simply through its lower right corner. The
lower a3 limb likewise should plot through o, plotted on
the soil-to-steel envelope, and since the measured o,
is an average, its indicated T also represents an average,
The problem is to ascertain a realistic average stress
condition for the upper limb. On the basis of the as-
sumption that o, and o, may be averaged, and the mean
T is 60 percent of that at the specimen boundaries, the
solid points and corresponding dashed second approxi-
mation circles were drawn. The resulting failure en-
velopes give

Approximation ¢ c
First 35.6° 103 kPa
Second 30,6° 131 kPa

That the second approximation is better than the first
is shown by the lower ¢ and slightly higher ¢, consistent
with observations that uncorrected K-test values are too
high, and, with exception of the Ottawa sand, c¢ values
are too low compared to other data. The analysis also
shows why the initial assumption that o, = o, gives fairly
reasonable results since the Mohr circle passing through
(@, 0) is a good preliminary estimate.

Height-to-Diameter Ratio

Stress distribution within a K-test specimen should de-
pend on the height-to-diameter ratio (H/D) and on
whether the mold is supported, since support causes

all side friction to act one way. Support and a large
H/D will increase the roll of side friction relative to
end friction. Preliminary investigations with a 25.4-mm
(1-in) diameter K-test mold indicate that an H/D ratio
close to 1.0, with the mold supported, minimized ¢ and
c for the sand and appeared reasonable.

Circumferential Friction

Circumferential friction of soil on steel acts on the
inner mold surface, opposing opening of the mold and
reducing the measured ¢,. A calculation of this effect
shows that it is minor and may be ignored. Secondly,
since only the vertical component of side friction is
measured in the test, total side friction is not axisym-
metric and is underestimated. Extent of this error de-
pends on the direction of movement: The maximum
amount of circumferential slip occurs adjacent to the
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mold split, about 1.3 mm (0.050 in), whereas the maxi-
mum amount of vertical deflection typically is about 6.4
mm (0.25 in). As an extreme, the correct r = 7, sec/tan
(1.3/6.4) = 1.02 r,, a 2 percent error, which is minor
and may be ignored.

SOME POTENTIAL USES OF THE
K-TEST

The K-test modulus of deformation (E,) would appear to
have an excellent potential for rigid pavement design or
for comparison with, and fill-in between, relatively ex-
pensive plate bearing tests. It should be emphasized
that the K-test requires about 15 min and utilizes spec-
imens already available from Proctor compaction tests.

The speed and ease with which K-tests provide ¢ and
¢ values mean extremely rapid calculation of bearing
capacity pertinent to flexible pavement design, at a cost
well below that of comparable California bearing ratio
(CBR) tests. It will be noted that a laboratory CBR uses
a rigid steel mold, whereas structural deterioration of
flexible pavements often begins at the edges where lat-
eral confining stress is low and is not correctly modeled
in CBR.

K-test specimens may be vacuum or capillary satu-
rated prior to test; however, molding at slightly above
optimum moisture content may achieve the same result
in less time.

Earthwork Control

Present methods for compaction control are of necessity
indirect; although strength is the desired criterion,
strength tests have been too inaccurate (as with the
Proctor penetrometer) or too time consuming and ex-
pensive, We therefore rely on density, moisture con-
tent, and soil identification, all three needing arduous
attention if failures are to be avoided. K-tests of cores
could provide a much more rapid accept-reject cri-
terion—if the soil is too clayey, this will adversely af-
fect K-test results. Since only a simple unconfined
compression tester is needed, Shelby tube specimens
may be extruded, immediately tested in the field, and
results compared with laboratory controls. In addition,
calculation of bearing capacity may give a rapid de-
termination of weight requirements for field compactions.



Earthwork Specifications

The choice between 90 and 95 percent T-99 or T-180
density is usually a matter of engineering skill and judg-
ment based on anticipated loads and performance records
of particular soils. By means of K-tests on specimens
molded at variable compactive efforts, the advantage and
amount of additional field compactive effort may be
quickly and directly ascertained; also the K-test is sen-
sitive to overcompaction, as indicated by a drop in c and
increase in ¢.

Pile

Use of the K-test to evaluate side friction data directly,
and thus predict skin friction on pile, needs no further
elaboration. Tests conducted show that the method of
using fractionally reduced soil ¢ and c¢ values may be in
error, normally but not necessarily conservative.

The above suggested uses may seem somewhat over-
stated or even flamboyant at first encounter. The K-
test can be fast, cheap, and readily computerized. Since
the known errors are biased rather than random, cor-
rections appear possible. Meanwhile, an arbitrary re-
duction in ¢ and ¢ may be made or their overestimation
covered in a factor of safety. A major advantage of a
cheap and rapid test is to evaluate variability of soils,
which has been a major problem in goil testing. Similar
comparisons seldom are possible by triaxial testing be-
cause of the prohibitive cost; an abbreviated version;
however, is the stage-triaxial test, which is increasing
in use, particularly by consulting firms. The latter is
a stepwise analogue of the K-test, requiring judgment
of where failure is about to occur in order to increase
confining stress; in the K-test, this is automatic.

CONCLUSIONS

1. A soil test to measure the Rankine active stress
ratio K has been devised to utilize standard Proctor-
size compacted specimens, a load frame, and a split
steel K-test mold. The test has been used extensively
for comparative evaluations of undrained soil strength
parameters.

2. The Iowa K-test requires about 15 min to perform
and provides a continuous record of uncorrected soil
cohesion (c), internal friction (¢), and deformation
moduli (E, and v), as the test progresses.

3. Supplemental use of a base pressure cell allows
simultaneous direct measurement of soil-to-steel fric-
tion as a function of normal stress and, hence, of the
soil-to-steel friction parameters (c, and .).

4, Errors in the uncorrected soil ¢ and ¢ data are
discussed, and a preliminary method for correction is
presented. An accurate correction will require a much
more extensive analysis of stress distribution; however,
preliminary analyses and comparative tests indicate that
the uncorrected data are not so seriously in error that
they would not be covered by usual factors of safety.
Since many tests can be performed in a reasonable time
span, a probabilistic approach to design and construction
control becomes feasible.
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Abridgment

Probability of Sliding of Soil Masses

Dimitri Athanasiou-Grivas, Rensselaer Polytechnic Institute, Troy, New York

The employment of logarithmic spiral failure surfaces
in slope stability analysis was dictated by the need to
bring analytical models closer to the configuration of
actual failures (1). Initially, such surfaces were as-
sociated with unity safety factor and thus were used only
for computations of the critical heights of slopes (2).
The first attempt to adapt the log-spiral against sliding
was made by Frohlich (3). The analytical expression
used was the following:

r=rye )
where

ro = the initial radial vector,
t(=tang) = the soil strength parameter, and
6 = the angle between r, and r (Figure 1).

The factor of safety (F,) with respect to sliding of a
soil mass is equal to (3)

F, = Mp/Mg (2)

where M; = the moment around an axis of all resisting
forces acting on the sliding mass along the sliding sur-
face, and Ms = the moment of all forces driving the soil
mass towards sliding.

After moments M; and Ms are expressed analytically,
Equation 2 becomes Equation 3

F, = Mg/Ms = 1+ {(c/9){(s3 - r) [2t] - 2o}
+[ag +rgef® Ht x t x sin(uly + 8)] 3)

where

r,, ry = radial vectors (Figure 1a),

S =the resultant of all driving forces acting
on the sliding mass (Figure 1b),

a, =the distance between the center of the
spiral and S (Figure 1a),

6 =the angle between ry and the normal to the
direction of S,

6, = the angle between r, and ry,

p = a parameter that determines the center of
rotation and receives values between zero
and infinity, and

¢,t(=tan®) = the soil strength parameters.

In the above equation, all variables are treated as
single-valued quantities. However, in soils, values of
material parameters exhibit a considerable variation
(4). The same is true (1) for the geometric factors in
Equation 3 (i.e., angles 6, and 5; distances r,, ry, and
a.; and quantity p). Thus, a more reliable approach to
the measure of safety of a soil slope must take into ac-
count uncertainties such as material parameters and the
shape and location of the failure surface.

PROBABILITY OF SLIDING

In recent years, the use of probability theory and sta-
tistical analysis has provided an alternative to the de-
termination of the factor of safety. In its classical
formulation, sliding of a soil slope is assumed to occur

when the calculated moment of all resisting forces (Ms)
becomes smaller than that of the driving forces toward
failure (Ms); that is, Sliding = [Ms< Msl. The prob-
ability of failure in sliding is then defined as p: =

PIM: <Ms] = PIM:/Ms <11, where P[ ] indicates the
probability that the driving forces exceed available
strength. In Equation 3 the expression Ms/M, = F, <1
isidenticaltoc/S[(r% - r2)/2t] -2, <0, i.e., the num-
erator of the second term of the right side of Equation
3 becomes negative. Therefore, the expression for p;
becomes

pe =P{(c/S)[(t3 - 13)/2t] -3, < O} or
Pe = Plc(r3 - rip/2t < Sag] 4)

The quantity (r% - rj)/2t, in Equation 4, is equal to
twice the area (A) of the region OBMAQ, shown in Fig-
ure la, or

(2 -th)/2t = 2A (5)

and the quantity Sa, gives the moment, say M,, of the
driving forces around the center of the sliding surface;
i.e,, M, = 8a,. In the case where the value of the fac-
tor of safety is equal to unity, or (2¢) A = M,, the mo-
ment M, varies in proportion to the area A, the co-
efficient of proportionality being the double value of the
¢ strength parameter. If this product is denoted by M,
i.e., if

M =2cA =c(13 - 13)/2t (6)

and the expressions for M and M, are introduced into
Equation 4,

Pe=P[M <M,] N

The uncertainty of the value of M reflects the uncer-
tainties of the strength parameters ¢ and t and, also, of
the location of the center 0 of the sliding surface (the
latter is determined by the geometric factors h, and 6,).
From Equation 6 it can be seen that the value of M (ran-
dom variable) ranges between zero (lower limit) and in-
finity (upper limit). As was the case with other random
variables (1), it can be assumed that M follows a log-
normal distribution. Under this assumption, the prob-
ability density function of M is (5)

M) = 1/0/ 27 oy M) exp{-42[(InM - M)/oy] 2} (8)

where 0 < M < @ and M and ox denote the mean value and
standard deviation of M, respectively.

Combining Equations 7 and 8, the following expres-
sion for the probability p; of sliding of the soil mass is
then derived:

Mg
pr = f f(M)dM = F(M,) €)]
0

where F(M,) = the cumulative log-normal distribution
evaluated at M..
As M is taken to be log-normally distributed, the



Figure 1. Logarithmic-spiral sliding surface and
polygon of forces.

a. Log-spiral Mode of Sliding b.

variable x, which is equal toInM, isnormally distributed.
If the coefficient of variation and mean value of x are
denoted by S, and p,, respectively, then

S, = [In(VE + 1)] % (10a)
and
Bx =1n(M) - 82/2 (10b)

Introducing the normalized variable z, defined as
z = (InM - p,)/S,, the expression for the probability of
sliding p: becomes:

pe =P[M <My] =Pz < z5] = ¥(zg) a1

where z, = the value of z evaluated at M = M,, and ¥( )=
the well-tabulated cumulative standard normal distribu-
tion.

STATISTICAL VALUES OF MOMENT (M)

Equations 10 and 11 can be solved provided that the mean
value (M) and standard deviation (oy) of M are deter-
mined. For a given surface of sliding (.e., (% - r%) =
constant = b), Equation 6 suggests that the value of mo-
ment M depends on the strength parameters ¢ and t and
the geometrical constants r, and ry. Equation 6 can be
reduced to

M=bc/t (12)

where b = /(r3 - rf). If ¢ and t are independent random
variables, the mean value M and variance Var(M) of M
can be found by means of a Taylor series expansion of
the function M(c, t) around the point M(C, t), where T and
t denote the mean values of ¢ and t, respectively (6);
i.e.,

M =M, 1) +%{[(32M)/dc?] Var(c) + [(82M)/dt2] Var(t)} (13a)

Var(M) = (3M/9c)? Var(c) + (3M/3t)? Var(t) (13b)

where Var(c), Var(t) are the variances of ¢ and t, re-
spectively, and the derivatives are evaluated at the mean
values of the variates.

From Equation 12 one has
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Polygon of Forces

T,0,8

aM/dc = b/t, 92M/dc? =0, aM/dt = - be/t?,
02M/0t2 = 2bc/t? (14)

Combining Equations 13 and 14,

M =b [ct? + ¢ Var(t)]/t? (15a)
and
Var(M) = b2 [t2Var(c) + c?Var(t)]/t* (15b)

The coefficient of variation Vy of M can be determined
from Equations 15 as

Vy = o/M ={ T/[ct? + ¢ Var(t)]} [t2 Var(c) + c? Var(t)] % (16)

where Vy is independent of the constant b. _

In Figure 2, the mean value of the quantity M/b is
plotted versus the mean value (1) of the strength param-
eter t for various values of ¢. Studies of the variability
of the soil strength parameters t and ¢ have indicated
(4) that their coefficients of variation V, and V, approach
values of 15 and 70 percent, respectively. These same
values for V, and V, have, therefore, been adopted in
this paper.

EXAMPLE

The slope shown in Figure 3 has a height h = 9.75 m
(32 ft) and an angle g = 40°. The mean values and co-
efficients of variation of the strength parameters of the
soil, determined from conventional triaxial tests, are
also shown in the figure. The moist unit weight of the
soil is assumed to be 1762 kg/m® (110 1b/ft®). The
probability of failure, or the reliability of this slope, is
to be determined.

Three random factors in Equation 1 reflect the un-
certainty of (a) the location of the center of the rupture
surface, (b)the point of initiation of the rupture surface,
and (c) the value of the t-strength parameter of the soil
material. A procedure necessary to generate such sur-
faces was presented previously (1). The assumptions
involved are that the failure surface begins at the toe of
the slope and the coordinates 8, and h, of the center of
the log-spiral (Figure 1) follow a beta distribution. In
Figure 3, the mean failure surface can be found through
an application of the Monte Carlo simulation technique
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Figure 2. Influence of the statistical values of strength parameters M/b
on the mean value of the moment (M}.

A
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Note: 1 kg/m? = 0.2 Ib/ft2

Figure 3. Slope section and soil parameters used for the case study.

Probability of Failure=3.2%

Surface of Sliding

Soil Parameters Coef. of
Variation

I Mean Value

= parameter {1799 (kg/m<) IW
parameter | 0,364(3=20°)] 15%

Unit Weight: v = 1762 (kg/m>)

Note: 1 kg/m? = 0.2 Ib/ft?, 1 kg/m® = 0.06 Ib/ft°,

(1). The center of the log spiral has coordinates h, =
22.81 m (74.83 ft) and 8, = 0° (Figure 1). The quantities
ry and 8, are thus equal to 17.42 m (57.14 ft) and 43°,
respectively.

The driving moment (M,) due to the weight of the
sliding soil mass is equal to M, = Wa, (3), where a, is
shown in Figure 1. Area A (determined by Equation 5)
and distance a, {(measured graphically in Figure 3) are
equal to 42.67 m*/m (140 ft*/ft) and 6.1 m (20 ft), re-
spectively. Therefore, Mo =7y - A - a. = (1762) (42.67)
(6.1) = 458 626 J/m (154 ft-tons/ft).

From Figure 2, fort = 0,364 and € = 1797.3 kg/m®
(368.3 1b/ft*) we find M/b ~ 5053 kg/m® (1035 1b/ft?),
where b = (r} - ri)/2 = [(22.81)% - (17.42)*1/2 = 103.15 m®
(1167.27 £t*).

Therefore, M = (5053) (103.15) = 521 234 J/m (604.1
ft-tons/ft).

The coefficient of variation M (V) is found from
Equation 16 to be equal to 70 percent.

For M = 521.234 J/m® (604.1 ft-tons/ft) and Vy = 70
percent, Equation 10 yields S; = 0.6315 and p, = 12.96.
The probability of sliding of the slope can now be deter-
mined from Equation 11 as follows:

pr = Plz <zy] = W(-1.8485) ~3.2% an

DISCUSSION AND CONCLUSIONS

Statistical analysis and probability theory can be used
as alternatives to conventional (deterministic) methods
for evaluation of slope stability. In this paper, the re-
liability of a soil slope against sliding was evaluated
from its probability of failure. This was defined as the
probability that the resisting moment My was exceeded
by the driving moment M. Sliding was assumed to oc-
cur along a log-spiral path. This assumption is con-
sistent with results obtained through stochastic modeling
of the propagation of failure surfaces (7).

As the variation of the unit weight (¥) of the soil is
relatively small, ¥ was assumed to be constant. Thus,
moment M was expressed as a function of only two ran-
dom variables: strength parameters ¢ andt. The vari-
ability of ¢ and t in the expression for the moment M
was investigated by means of a Taylor series expansion
of M(c, t) around the point M(c,t). It should be noted that
this method gives only approximate values for the mean
and variance of M. If greater accuracy is required, a
more precise procedure, possibly a simulation approach,
should be employed.

In the illustrative example it was found that the prob-
ability of failure of the slope was approximately 3.2 per-
cent or, out of 100 identical slopes, on the average, 3.2



would fail. The reliability of this slope is then said to
be equal to 96.8 percent.

Based on the results of this study, it is concluded
that

1. The probabilistic model developed here can be
used to find a value of the probability of failure (or, the
reliability) of a soil slope. This depends on the slope
geometry and on the statistical values of the soil param-
eters.

2. The method can be applied to either deep or shal-
low failures. The kind of failure is reflected in the prob-
ability density functions of the coordinates of the center
of the sliding surface.
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Soil-Culvert Interaction Method for

Design of Metal Culverts

J. M. Duncan, University of California, Berkeley

A simple and rational method for the design of metal culverts, the
soil-culvert interaction method, is described and compared to currently
used design procedures. The principal advantage of the soil-culvert
interaction method over those previously developed is that it provides
a logical procedure for determining minimum required depth of cover,
by consideration of the bending moments caused by live loads. Pre-
viously, minimum depths of cover have been determined empirically,
using field experience. Values of minimum cover and maximum fili
height determined using the soil-culvert interaction method are com-
pared with values from published fill-height tables. The comparisons
show that the soil-culvert interaction method gives values that are in
good agreement with design experience for a wide range of corruga-
tions and culvert diameters.

A simple method for design of metal culvert structures
has been developed to provide rational procedures for
designing culverts with deep or shallow cover. Design
for deep cover is based on consideration of ring com-
pression forces. Design for shallow cover is based on
consideration of both ring compression forces and
bending moments. The method, the soil-culvert inter-
action (SCI) method, is applicable to circular pipes,
pipe arches, and arches constructed of corrugated steel
or aluminum. It may be applied to structures having
stiffening ribs that are curved to conform to the shape
of the culvert barrel and attached to the barrel at
frequent intervals. However, it is not applicable to
soil bridge structures, which use straight ribs, fin
plates, and sometimes strut to stiffen the upper part of
the structure. The SCI method has been found to give
values of maximum and minimum cover that are in good
agreement with design experience as reflected in pub-
lished fill-height tables and with the observed behavior
of culverts in the field.

BASIS FOR SCI METHOD

The SCI design procedure is based on the results of
finite element analyses, which modeled boththe culvert
structure and the surrounding backfill. Detailed re-
sults of the analyses and comparisons with field mea-
surements were described by Duncan (1). Similar
analyses were performed by Allgood and Takahashi (2),
Abel and others (3), and Katona and others (4). The
analyses on which the SCI method is based simulated
the placement of backfill around and over the structure,
and subsequent application of live loads on the surface
of the backfill. Nonlinear and stress-dependent stress-
strain relationships for the backfill soils were employed
in the analyses. The results of these analyses were
used to derive coefficients for ring compression forces
and bending moments for design.

STEPS IN SCI DESIGN PROCEDURE

1. Calculate the rise/span ratio (R/S). The defini-
tions of rise and span as used in this procedure are
shown in Figure 1.

2. Calculate the maximum ring compression force

P =K, 7S + KppyHS + K LL )
where
P = ring compression force (kN/m);

ring compression coefficient or backfill,
from Figure 2 (dimensionless);

K,
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Figure 1. Types of long-span metal culvert structures.

H = cover depth
R = rise as used in this paper
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K,, = ring compression coefficient for cover, from
Figure 2 (dimensionless);

K,, = ring compression coefficient for live load,
from Figure 2 (dimensionless);

¥ = unit weight of backfill (KN/m®);
H = cover depth (m);
S = span (m); and

LL = live load (kN/m).

The table below gives values corresponding to H-20
traffic loading (1 m = 3.3 ft, 1kN/m = 74 1b/kt):

Cover Depth  Line Load Cover Depth  Line Load
H {m) LL {KN/m) H {m) LL (kN/m)
0.3 89 6.1 19

0.6 69 9.2 13

0.9 53 15.2 9

1.5 38 30.0 4

2.1 35 45.8 3

3.0 29 61.0 3

4.6 23

Line load produces the same peak stress at depth H as
do two HS-20 truck trailers that have single rear axles
side by side on a two-lane road.

A section is chosen that has a seam strength suf-
ficient to provide a factor of safety against seam com-
pression failure that is equal to or greater than 1.50.

3. Calculate maximum bending moment at H = 0.

M; = Ky Rp7S? 2)

where

M, = maximum bending moment at H = 0 (kN'm/m),
which occurs at both the crown and the upper
guarter-point;

Ku, = moment coefficient, from Figure 3 (dimension-
less); and

R; = moment reduction factor, from Figure 3 (di-
mensionless).

The value of the moment coefficient Ky, depends on the
flexibility of the culvert section relative to the backfill,
as defined by the flexibility number N,:

N¢ = (E,8%)/EI 3
where

N, = flexibility number (dimensionless);

E, = soil modulus, which depends on soil type, de-
gree of compaction, and depth of overburden,
from Figure 4 (kPa);

E = modulus of elasticity of metal culvert (mPa);

and
I = moment of inertia of metal culvert (m%/m).

The values of E, shown in Figure 4 are based on the re-
sults of laboratory tests on over 100 different soils,
which have been summarized by Wong and Duncan (5)
and were selected to be representative of the behavior
of the soils under the particular stress conditions that
exist around flexible metal culverts.

The section should have sufficient moment capacity
to withstand this bending moment and the corresponding
axial force (calculated using Equation 1 for H = 0 and
LL = 0) with a factor of safety against development of a
plastic hinge (F,) that is greater than or equal to 1.65.



The value of E, is calculated from the following
equation

F, =0.5 P, /p [V(M/M,)? (P, /p)* + 4 - (M/M,) (P, /p)] 4
where
F, = factor of safety against formation of a plastic
hinge, considering both axial force and mo-
ment;
P = axial force (kN/m);

Figure 3. Coefficients for backfill moments,
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= fully plastic axial force, with no moment
(kN/m);

bending moment (kN-m/m); and

fully plastic bending moment, with no axial
force (kN-m/m).

M =

4, M the final depth of cover is greater than or equal
to one-quarter of the span (H = 0.25S), bending need not
be investigated for the final cover condition. If the final
cover depth is less than one-quarter of the span (H <
0.258), the bending moment due to both backfill and live
load for the final cover condition are calculated using
the following equation

M=M, - RgKp,vS?H+ R Ky3 S LL 5)
O'DO?" ( ¥ L] '|I|II| T T 'IYY[II'[ T T T Trrrr
a)
= — Proposed Design Line where
= For N¢ <5000, K,,;- 0.0046-000I0 log, Ny
B ooozks For N¢ 25000, K,,* 0 0009 B M = bending moment due to backfill and live load
& with cover depth H (kN-m/m};
K] M: = bending moment calculated previously for
= A H = 0 (kN-m/m);
§ O.00H==FuitelClement 3 =1 Ky, = moment coefficient, from Figure 3 (dimen-
g R/S m sionless),
g Plotted using Rg shown below R, = moment reduction factor, from Figure 5 (di-
o] A 020, , 4] TR RS W ET] mensionless); and
100 Flleox?bcl)h!y s :'i‘oso;/)a elee K, = moment coefficient, from Figure 5 (dimen-
o P sionless).
= 002 ™ T T T T T T TTTTT
-« ’ Proposed Design Line For purposes of determining Kuz, Ky and R, the value
o For N¢$5000, Ky, 0 018 -0 004 log o Ny of N, should be recalculated using a value of E; cor-
S 00! For N¢ 25000, K= 0 0032 responding to the final cover depth.
3 A As for bending due to backfill loads at H = 0, the
£ Plotted using Rp section chosen should have sufficient moment capacity
§ ol U e A . Fe, to provide a factor of safety against development of a
= 100 1000 10,000 100,000 plastic hinge (F;) greater than or equal to 1.65,
Flexibility Number, Np = E5S3/€1 5. For arch structures, consideration must also be
given to footing size, to ensure that the horizontal or
o e[ T T vertical bearing pressures do not exceed the allowable
"l‘ 1.of values for the supporting soil. Similarly, for pipe
T o8 arches, consideration must be given to the bearing
{5 o2 pressures at the haunch.
§ 04 0.25R/5<035, Ry=0.67+087(R/5-02) MINIMUM COVER DEPTHS
I3 035<R/s<0 5, RB=OSO4|33(R/S-{I)35)
2 D2~ 05<R/g<06, Rg: 2R/S i B g s :
S o | | { | Consideration of bending moments due to backfill loads
0.2 03 04 05 06 and live loads in the SCI design method provides a
Rise/Spon Rotio, R/S rational means of establishing minimum cover depths
Figure 4. Approximate secant modulus values H+ R/p -ft
for various types of backfill. o 0 20 30 40 50
12.5 T T 2% ynified Soil Classification System:
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for live loads. As the depth of cover increases, the
factors of safety against yield and development of a
plastic hinge under live loads increase. By calculating
factors of safety for a range of cover depths, it is pos-
sible to determine the minimum acceptable cover depth
for a given culvert, backfill, and live load.
Minimum cover depths calculated using the SCI de-

sign method depend on a number of factors:

Culvert size or diameter,

Size of corrugation,

Metal thickness,

Yield stress of metal,

Backfill soil type,

Relative compaction of backfill, and

Magnitude of live load (only the HS~20 live load

IO U W N =

Figure 5. Coefficients for livedoad moments.

is considered in this paper).

Minimum cover depths were determined for a range
of culvert sizes and types so that these could be com-
pared with minimum cover depths from published fill-
height tables. These latter values are based on ex-
perience with field performance and thus provide a
basis for determining if values calculated by the SCI
design method are reasonable, because any method that
gives values of minimum cover that differ greatly from
those derived from long field experience must be con-
sidered not to be reflective of actual field behavior.

Minimum cover depths for 152 x 51-mm (6 X 2~-in)
corrugated steel circular pipe are shown in Table 1,
together with those published by the U.S. Department
of Transportation (DOT), Federal Highway Administra-
tion (FHWA), Bureau of Public Roads (BPR), American
Iron and Steel Institute (AISI), and National Corrugated
Steel Pipe Association (NCSPA). The criteria used in
the SCI calculations were chosen to correspond closely

n 010 T T T T T T to the conditions specified for the published fill-height

~ Goa . 'D:S'an l—;gg . BT tables: The value used for the yield stress of steel was

= o ! 3100000 1ux 01290016 ooy 228 MPa (33 000 1b/in°) in all cases. The unit weight

3 006 aW 4 j' .. | 2 _ of the backfill used in the SCI calculations was 19.6

$ e T KN/m® (125 1b/ft”), compared to 18.8 kN/m’ (120 Ib/ft°)

S 004 Resulls s specified for DOT, FHWA, BPR, AISI, and NCSPA f{ill-

£ oozl @ %’555 B height tables. The relative compaction used in the SCI

£ ol Plotted using R shown below calculations was 90 percent of standard American As-

= 5 N T R T oaow vl Lo i sociation of State Highway and Transportation Officials
100 Flooo v 10,000, 100,000 (AASHTO), as compared to 95 percent for the DOT,

MR e FHWA, and BPR tables and 85 percent for the AISI and

” NCSPA tables.

' The values shown for the SCI method in Table 2 were
calculated using the procedures outlined previously,
except when the calculations indicated that a minimum

0.8/~ cover depth less than 0.3 m (1 ft) would be acceptable.
In those cases the minimum cover depth was made equal

= to 0.3 m, in accordance with experience and conventional
T ek practice.
] It may be noted that the minimum cover depths cal-
] culated by the SCI method decrease with increasing
5 metal thickness, except when the minimum is equal to
S o= 0.3 m. For example, for 4.5-m (15-ft) diameter pipes,
< ) the minimum cover depths calculated by the SCI method
5 vary from 0.75 m (2.5 ft) for t = 2,77 mm (0.109 in or 12
=02 0265-0.053 log o Ny gage)to 0.3 m for t = 7.1 mm (0.280 in or 1 gage). The
Ty R TR other fill-height tables indicate a minimum cover depth
RL<1.0 of 0.6 m (2.0 ft) for all metal thicknesses. It is reason-
0 1 1 | | able that minimum cover depth should decrease as metal
0 0.05 o.10 015 020 025 thickness increases. One of the advantages of the SCI
Cover Depth/Spon Ratio, H/S method over the use of experience alone for establishing
Table 1. Minimum cover depths for steel .
structural plate circular pipepHS-ZO live load Mipigi o Depthiof CoteriliT)
(162 x 51-mm corrugation). Diameter 2.8 mm Thick 4.3 mm Thick 5.5 mm Thick 7.1 mm Thick
(m) Source (12 gage) (8 gage) (5 gage) (1 gage)
1.5 SCI method 0.3 0.3 0.3 0.3
DOT, FHWA, BPR 0.3 0.3 0.3 0.3
AISI, NCSPA 0.3 0.3 0.3 0.3
3.0 SCI method 0.4 0.3 0.3 0.3
DOT, FHWA, BPR 0.6 0.6 0.6 0.6
AISI, NCSPA 0.5 0.5 0.5 0.5
4.6 SCI method 0.8 0.5 0.4 0.3
DOT, FHWA, BPR 0.6 0.6 0.6 0.6
AJSI, NCSPA 0.6 0.6 0.6 0.6
6.1 SCI method 0.8 0.6 0.5
DOT, FHWA, BPR 0.9 0.9
AISI, NCSPA 0.8 0.8 0.8
7.6 SCI method 0.8
DOT, FHWA, BPR
AISI, NCSPA 1.1

Notes: 1 m=3,3ft, 1 mm=0.04 in.



Table 2. Minimum cover depths for
corrugated steel circular pipe HS-20 live load
{76 x 25-mm corrugation). Diameter
(m)

Minimum Depth of Cover (m)

1.6 mm Thick
(16 gage)

3.4 mm Thick
(10 gage)

2.8 mm Thick

Source (12 gage)

4.3 mm Thick
(8 gage)

1.2

3.0

SCI method

DOT, FHWA, BPR
AISI, NCSPA

US Steel

SCI method

DOT, FHWA, BPR
AISI, NCSPA

US Steel

SCI method

DOT, FHWA, BPR
AISI, NCSPA

US Steel

o000 OO0 O
LWL W) W
OO0 OO0 C ODOOOC
NI DH D WWW P WWWWW
cooo eooe coo0
DU Lo W w Lo Lo W W

cooo cooo o000

DD LI WWL WL W

Notes: 1 m=23.3ft, 1 mm = 0.04 in_

Table 3. Minimum cover depths for
corrugated steel circular pipe HS-20 live load
(68 x 13-mm corrugation).

Minimum Depth of Cover (m)

Diameter 1.6 mm Thick 2.8 mm Thick 3.4 mm Thick 4,4 mm Thick

(m) Source (16 gage) (12 gage) (10 gage) (8 gage)

1.2 SCI method 0.3 0.3 0.3 0.3
DOT, FHWA, BPR 0.3 0.3 0.3 0.3
AISI, NCSPA 0.3 0.3 0.3 0.3

1.5 SCI method 0.3 0.3 0.3
DOT, FHWA, BPR 0.3 0.3 0.3
ATSI, NCSPA 0.3 0.3 0.3

1.8 SCI method 0.4 0.3
DOT, FHWA, BPR 0.3 0.3
AISI, NCSPA 0.3 0.3

2.1 SCI method 0.4
DOT, FHWA, BPR 0.3
AISI, NCSPA 0.3

Notes: 1Tm=33ft, 1 mm=0.04in

Table 4. Minimum cover depths for
corrugated aluminum circular pipe HS-20

Minimum Depth of Cover {m)

live load (68 x 13-mm corrugation). Diameter 1.6 mm Thick 2.8 mm Thick 3.4 mm Thick 4.3 mm Thick
(m) Source (16 gage) (12 gage) (10 gage) (8 gage)
0.6 SCI method, KACS* 0.3 0.3 0.3
DOT, FHWA, BPR 0.3 0.3 0.3 0.3
1.2 SCI method, KACS* 0.4 0.4 0.3
DOT, FHWA, BPR 0.3 0.3 0.3
1.8 SCI method, KACS* 0.5 0.4
DOT, FHWA, BPR 0.3

Notes: 1Tm=233ft, 1 mm=0.04in.
The values contained in the published tilk-height tables {9} were established using the SCI method

AKACS—Kaiser Aluminum and Chemical Sales, Inc.

minimum cover depths is that it provides a means of
evaluating the benefits of increased metal thickness.
By comparing the values of minimum cover cal-~
culated using the SCI method with the values from the
published fill-height tables, it may be seen that the cal-
culated values are in good agreement with design ex-
perience., Because the values given by DOT, FHWA,
BPR, AISI, and NCSPA tables are the same for all metal
thicknesses in a given diameter, they are controlled
by the requirements for the lightest gage, which re-
quires the greatest depth of cover. The values of
minimum cover calculated by the SCI method are in
close agreement with the others for the lightest gage
shown for each diameter, and smaller minimum cover
depths are permitted by the SCI method for heavier
ages.
& gSimilar comparisons for 76 x 25-mm (3 x 1-in)
corrugated steel pipe are shown in Table 2. In addition
to values of minimum cover from the sources men-
tioned previously, those published by the U.S. Steel
Corporation (10) are also shown in Table 2. Minimum

cover depths for 68 x 13-mm (2% x %-in) corrugated
steel pipe are given in Table 3, and values for 68 x
13-mm corrugated aluminum pipe are given in Table 4.
In each case, the values given by the SCI method are in
reasonable agreement with design experience as
represented by the published fill-height tables.

MAXIMUM COVER DEPTHS

The factor of safety against seam compression failure
calculated by the SCI design method provides a means
of establishing maximum permissible cover depths for
culverts. As shown in Table 5, similar values are
used by DOT, FHWA, BPR (), AISI (7), and NCSPA
(8) design procedures, which also include criteria for
buckling., However the buckling criterion is usually
less critical than seam compression failure. DOT,
FHWA, and BPR fill-height tables are also based on a
limiting deflection equal to 5 percent of the nominal
diameter, which controls the maximum fill heights in
some cases.
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Table 5. Criteri i i
Criteria used in culvert design Value Used by Procedure Shown

procedures.
Quantity DOT, FHWA, BPR AISI, NCSPA SCI Method
Yield stress for steel, MPa 228 228 228
Yield stress for aluminum, MPa 166 Not used 166
Unit weight of backfill, kN/m’ 18. 8 18.8 19.6
Relalive compaction, % of 95 85 90

Std. AASHTO max. dry density
Vertical load on culvert 130% of weight of

overlying soil

Equal to weight of
overlying soil
.33

86% of weight of
overlying soil

Factor of safety on seam strength 2.0 1.5
Factor of safety on development Not used Not used 1. 65"

of a plastic hinge
Factor of safety on yield stress 2.0° 2.0° 1.1°

or buckling stress
Modulus of soil reaction-E', MPa 9.7 Not used Not used
Soil stiffness coefficient-k 0.22 Not used Not used
Limiting deflection 5% Not used Not used

Notes: 1 MPa = 145 Ibf/in2, 1 kN/m* = 6,4 Ib/ft°.

2 For cover depth less than one-fourth of span.
®For axial stress only flexural stress not considered.
¢For combined axial and flexural stress, with elastic design.

Maximum Fill Height (m)*

Table 6. Maximum fill heights for steel
structural plate circular pipe HS-20 live load
{152 x 51-mm corrugation).

Diameter 2.8 mm Thick 4.3 mm Thick 5.5 mm Thick 7.1 mm Thick
(m ) Source (12 gage) (8 gage) (5 gage) (1 gage)
1.5 SCI method 22 42 59 71
DOT, FHWA, BPR 13 25 32 38
AISI, NCSPA 25 48 62 80
3.0 SCI method 10 20 27 36
DOT, FHWA, BPR ki 12 15° 16
AISI, NCSPA 12 24 31 40
4.6 SCI method 6 12 18 23
DOT, FHWA, BPR 4 8 11 13
AISI, NCSPA 8 16 21 27
6.1 SCI method 9 13 17
DOT, FHWA, BPR 9 llﬂ
AISI, NCSPA 11° 14° 18°
1.6 SCI method 13
DOT, FHWA, BPR
AISI, NCSPA 12°
Notes: Tm=23.3ft, 1 mm=0.04in
2Controlled by seam strength except as noted,
Y Controlled by deflection criterion.
=Controlled by buckling criterion.
Table 7. Mammqm fill hglghts for aI.umlnum Maximum Fill Height (m)*
structural plate circular pipe HS-20 live load Diameter
(229 x 64-mm corrugation with steel bolts). (m) Source 2.5 mm Thick 3.8 mm Thick 5.1 mm Thick 6.4 mm Thick
2.0 SCI method, KACS® 8 15 21 24
DOT, FHWA, BPR 14 17
2.7 SCI method, KACS® 6 10 15 18
DOT, FHWA, BPR 10 12
3.7 SCI method, KACS® 4 8 10 13
DOT, FHWA, BPR 8 9
4.6 SCI method, KACS® 6 8 10
DOT, FHWA, BPR 6 T

Notes: 1 m=23.3ft, 1 mm=0.04in.

3 All values controlled by seam strength. Values for SCI and KACS determined using backfill unit weight = 22.0 kN/m?, Values for
DOT, FHWA, BPR determined using backfill unit weight = 19.6 kN/m?.
bThe values contained in the published fill height tables were established using the SCI method.

Calculated values of maximum fill height for steel
structural plate pipe are given in Table 6. It may be
noted that the values calculated using the SCI method
are somewhat smaller than those calculated using the
AISI and NCSPA procedure. The differences are due to
differences in the vertical loads on the culverts and the
factors of safety on seam strength. In some cases the
maximum fill heights ecalculated using the AISI and
NCSPA procedure are determined by buckling con-
siderations, and in these cases the values are closer
to those calculated by the SCI procedure.

The values calculated by the SCI method are con-

sistently larger than those determined by the DOT,
FHWA, and BPR procedure. The differences are due
to differences in vertical load on the culvert and the
factor of safety on seam strength, and also the deflec-
tion criterion used by the DOT, FHWA, and BPR
procedure.

Maximum fill heights for aluminum structural plate
pipe are given in Table 7. The values published by
Kaiser Aluminum and Chemical Sales, Inc. (KACS) (9)
were calculated using the SCI method and, therefore,
are the same as the SCI values in all cases.
calculated using the DOT, FHWA, and BPR procedure

The values



are smaller, for the same reasons discussed in ref-
erence to steel structural plate.

CONCLUSION

The SCI design procedure provides a rational method
for determination of both minimum depths of cover and
maximum fill heights. Values of minimum cover cal-
culated using the SCI method compare well with design
experience as reflected in values from published fill-
height tables. The advantage of the SCI method is that
it provides a rational procedure for including the effects
of all the variables that affect minimum cover, namely
diameter, corrugation size, metal thickness, yield
stress, backfill type, degree of compaction, and
magnitude of live load. The ability to account for the
effects of these factors in a rational way is especially
important for long-span culverts, where cover depths
are often small.

Values of maximum cover calculated using the SCI
method are somewhat smaller than those calculated
using the AISI and NCSPA procedure. They are con-
siderably larger than those calculated using the DOT,
FHWA, and BPR procedure, especially in cases where
the latter values are determined by consideration of
calculated deflections.,

Although all the examples of the use of the SCI
method in this paper are for circular pipes, the method
is also applicable to pipe-arch and arch structures. It
is particularly useful for design of long-span culvert
structures, for which considerations of performance
under live load with shallow cover are of prime im-
portance.
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Analysis of Long-Span Culverts by
the Finite Element Method

Michael G. Katona, University of Notre Dame, Notre Dame, Indiana

The long-span culvert is a synergistic unit composed of a corrugated
metal liner and a compacted soil envelope that surrounds the liner. Con-

ceptually, the system is very simple and, therefore, economically attractive

as a bridge substitute. Analytically, however, the system is not simple be-

cause of the modeling difficulties associated with soil-structure interaction.

Using the finite element method, this study investigates the influence of
fundamental modeling assumptions on the behavior of long-span culverts.
Two basic modeling assumptions are examined: large deformation theory
versus small deformation theory and monolith structure versus incre-
mented structure. In addition, the sensitivity of the following param-
eters are determined: compaction loads, soil stiffness, liner gage, liner
shape, and special features of manufacturers. Results are shown graphi-
cally by comparing crown displacement histories between parametric
families. Comparisons of maximum moment and thrust are also reported.
Based on these studies, recommendations for analytical modeling tech-
niques are summarized. The intent of this study is to provide a founda-

tion for other studies. A systematic investigation of modeling assump-
tions and parameter sensitivity is a necessary step toward an analytical
model for long-span culverts.

The long span is an arch or closed-shaped corrugated
metal liner surrounded by compacted soil, where the
horizontal span measures from 5 to 15 m (15 to 50 ft)
or more. A primary use is to serve as a bridge sub-
stitute. To date, more than 600 long-span systems
have been installed, and manufacturers estimate a cost
savings from 30 to 75 percent over comparable conven-
tional bridge structures. In view of the current bridge
repair and replacement problem in the United States
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(the Federal Highway Administration estimates that
nearly 18 percent of all U.S. bridges are in disrepair
or functionally obsolete), use of long-span structures
will probably increase markedly. Accordingly, ana-
1ytical studies of long spans are timely and can lead to
improved design methods. However, in order to
properly analyze long-span systems, the basic construc-
tion process must be understood.

The long span is usually constructed by bolting to-
gether curved, structural plates of corrugated metal
into the shape of an arch, with the ends anchored into
concrete footings. Or in some cases, elliptical or in-
verted pear-shaped sections are used with special bed-
dings instead of footings. Figure 1 illustrates some
basic shapes and nomenclature popularly used for long-
span structures. The most important step in the con-
struction process is placing soil (backfilling) around
the corrugated metal liner. The soil must be of good
structural quality and properly compacted one lift at a
time, symmetrically on both sides of the liner. During
this process, the lateral soil pressure moves the sides
of the liner inward and the crown upward (peaking).

Figure 1. Typical long-span liner shapes and nomenclature.

_ Max Span Mul.._Spﬂ -

_Crowm

| Toprise |

al . 5| [Serngiine | =
FL{ . |Seringline | |5
~ Foolings i
a. LOW PROFILE ARCH b. HIGH PROFILE ARCH
Mo;.SpnF_ Max. Span n
Crown
= Crown
-
3
)
2
o
ficd

Bottom rise

¢. PEAR SHAPE SECTION d ELLIPTICAL SHAPE SECTION

Figure 2. Special features of long spans.
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Once the backfill soil is level with the crown, subsequent
soil lifts reverse this trend by pushing the crown down-
ward and the sides outward. Outward movement mobi-
lizes lateral soil resistance, which limits both lateral
and vertical movement.

Indeed, the interaction of the soil and liner working
in tandem provides the remarkable structural integrity
of the long-span system. Either component, liner or
soil, acting by itself would be wholly inadequate to
support the loads. To promote and improve this
synergistic relationship between liner and soil, several
special features have been employed by various manu-
facturers. Some commonly used features are thrust
beam, soil bin, and rib stiffeners (shown in Figure 2).
Additional background information can be found in the
excellent survey by Selig and others (1).

ANALYSIS-DESIGN PROBLEM

For the most part, current design methods are based
on experience rather than on a viable analytical model
(1). This is because a reasonable analytical model is
complicated even though the long span is a conceptually
simple system. Complications are due to the soil-
structure interaction phenomena; that is, a long-span
model must include the soil as a structural element—it
cannot simply assume the soil loads on the liner. Other
modeling difficulties include incremental construction
(i.e., modeling the soil placement schedule during con-
struction), various shapes, footings, and special fea-
tures, as well as consideration of soil compaction, in-
terface slippage, and other nonlinear behavior.

The finite element method (FEM) appears to be the
best method for formulating and solving this complicated
boundary value problem. Indeed, this is a singular
point of common agreement among investigators of soil-

great promise for understanding long~span behavior (8,
9,10). FEM is well established and has become an
indispensable tool in structural research (11).

The objective is to present analytical results of a
parameter study that compares various modeling as-
sumptions of long-span culverts. The following
parameters are examined using FEM:

1. Influence of large deformation theory versus
small deformation theory;

2. Influence of manner of loading (i.e., monolith
structure versus incremented structure with and with-
out compaction loads);

3. Effect of fill soil stiffness (modulus);

4, Effect of liner stiffness (gage);

5. Effect of liner shape (high profile, low profile,
and ellipse); and

6. REffect of special features (thrust beam, soil bin,
and rib stiffeners).

The first two studies deal with the question of how to
simulate the real-world behavior of long spans. The
remaining studies compare the structural behavior of
different idealized systems.

These objectives have a twofold purpose: (a)they
provide a foundation or benchmark for other studies to
compare with and build on, with the ultimate goal of
achieving an accepted model; and (b) they illustrate the
comparative performance between various long-span
concepts.

To satisfy the objectives, a basic idealization of a
typical long-span system is assumed. This basic model
is used as a common reference for generating 15 dif-
ferent idealizations by selectively changing the system
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Table 1. Parameter identification per FEM solution,

Compaction®  Fill Soil' Liner*

Computer* Liner® Special® Loading’ Pressure Modulus Thickness
Designation Shape Features Method (kPa) (kPa) Gage
A-A HP N MONO 0.0 13 800 5
A-B HP N MONO 0.0 13 800 5

A HP N MONO 0.0 13 800 &

B HP N INC 0.0 13 800 5

C (Basic) HP N INC 34.5 13 800 5

D HP N INC 69.0 13 800 6

E HP N INC 34.5 6 900 5

F HP N INC 34.5 21 600 5

G HP N INC 34.5 nonlinear 5

H HP N INC 34.5 13 800 10

I HP N INC 34.5 13 800 1

J LP N INC 34.5 13 800 5

K EL N INC 34.5 13 800 ]

L HP TB INC 345 13 800 ]

M HP SB INC 34.5 13 800 5

N HP RS INC 34.5 13 800 5

Note: 1kPa = 0.15 Ib/in2,

°Run No. A-A {small deformation) and A-B are ADINA program, all others are CANDE.

®Liner shape: HP = high profile, LP = low profile, EL = ellipse.

Special features: N = liner only, TB = thrust beams, SB = soil bins, RS = rib stiffeners.

9| oading method: MONO = monolith system, INC = incremented system, density = 18,9 kN/m? {120.96 Ib/ft*).
“Compaction pressure is applied to side soil lifts and removed on subsequent lift.

'Soil madulus is Young's modulus, Poissons ratio = 0.35 always

9 Liner is standard structural steel corrugation 15 x 5 cm (6 x 2 in)

parameters, Table 1 lists each idealization and the
system parameters: liner shape, special features,
loading method, compaction pressure, soil modulus,
and liner gage. The basic idealization is designated

as run C and is a high-profile arch, no special features,
incremented construction with 34-kPa (5-1b/in”) tem-
porary compaction pressure; soil modulus is 13 800kPa
(2000 1b/in®) and liner is 5-gage steel.

Solutions of these idealizations are obtained by the
finite element program CANDE (12) except for the case
of large deformations, which is solved by program
ADINA (13). CANDE is a special-purpose program in-
tended for soil-structure interaction studies and ADINA
is a multipurpose program oriented to solid mechanics.
Fundamental assumptions common to all solutions are
plane-strain geometry, linear material properties
(except in one case), and time-independence (i.e., no
inertia or viscosity), The soil and footing are assumed
to behave as a continuum and the metal liner is treated
as a thin shell.

By grouping appropriate solutions, the effect of each
parameter can be ascertained by inspecting the key
responses—crown deflection, maximum thrust, and
maximum moment in the liner wall.

PARAMETER INVESTIGATION

The long-span configuration chosen for the basic model
is an 11.0-m (36-ft) high-profile arch with a 3.40-m (11-
ft 2-in.) rise., Figure 3 portrays the basic idealization
showing the in situ soil zone below the footing and the
fill soil zone [18.9 kKN/m® (120 1b/ft%)] above the footing
level. The soil zones, concrete footing, and metal
liner are assumed to be bonded at material interfaces,
and each zone is homogeneous with the elastic properties
noted at the bottom of the figure.

The FEM discretization of the idealization is shown
in Figure 4. Because of symmetry, only half of the
system is modeled, with a total of 253 elements.
Seventeen beam-column elements are connected to form
the metal liner; the 17th element is buried in the con-
crete footing, The concrete footing (4 elements), in
situ soil (90 elements), and fill soil (144 elements) are
four-node quadrilateral or three-node triangular con-
tinuum elements with two degrees of freedom per node.
In the CANDE program the continuum elements include
high-order nonconforming displacement functions, where-

as in the ADINA program they are standard isoparamet-
ric elements.

To accommodate the special features, the basic
finite element mesh is altered slightly to model the
thrust beam and soil bin. With regard to liner shape,
only the bottom half of the mesh is changed to achieve
a low profile or elliptical shape.

Large Deformation

This study illustrates the order of the error from using
small deformation theory in the analysis of long-span
systems. By considering the basic long-span model as
a monolith, solutions for large and small deformation
theories were obtained by means of the ADINA program
(Run A-A and A-B, Table 1). The difference between
solutions may be observed in Figure 5 by comparing
deformed shapes of the metal liner. Deformed shapes
are determined by adding (and magnifying) displace-
ments to the corresponding points of the undeformed
position after subtracting vertical rigid body movement
of the footing.

The important observation is that the large deforma-
tion solution is not significantly different than the small
deformation solution; the differences at most are 8 per-
cent at the crown. As a general trend, the large de-
formation responses are slightly higher in magnitude
than the small deformation responses.

For the large deformation theory, both Lagrangian
and Eulerian coordinate descriptions give essentially
identical results even though the same elastic prop-
erties are used in both descriptions. Therefore, it
may be concluded that large strains do not come into
play so that all differences between large and small
deformation solutions are attributed to large rotations.

Figure 1 also illustirates a cross-check between the
ADINA and CANDE programs (Run A-A and A, Table
1). The two solutions overlay each other with an error
of less than 1 percent, thereby providing validation and
confidence in the respective algorithms.

Monolith Versus Incremental

In this study a comparison is made between idealizing
the long-span system as monolith versus an incremental
system (Run A and B, Table 1). A monolith system
may be imagined by assembling the long-span system
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Figure 3. Description of basic model

idealization.
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with gravity turned off. Once all the soil is in place,
gravity is turned on and the system deforms under its
own weight.

A more realistic modeling technique is incremental
construction, which attempts to simulate the actual
construction process. Here the soil system is divided
into a series of soil lifts. Each lift is added into the
system one at a time and the structural responses are
accumulated.

Figure 4 illustirates the assignment of construction
increments used in this study. The reference conf1gura—
tion (unloaded system) includes the liner, footing, in
situ soil, and fill soil up to the sprmghne, followed by
seven gravity—loaded construction increments from the
springline to the top. The reference configuration
begins at the springline rather than at the footing level
because construction increments placed between the
footings and springline tend to hang from the liner in
tension and give unrealistic results. [Special non-
linear soil models or interface elements may be used
to correct this problem (12).]

The effect of monolith and incremental loading on
crown displacement is shown in Figure 6 by curves A
and B, respectively. Crown displacement is given as
percentage of total rise (positive implies peaking), and
is plotted as a function of fill-height ratio. Fill-
height ratio is defined as fill height above springline
divided by the top rise. Thus, if the fill-height ratio

Figure 5. Deformed shapes for small and large
deformation theories.
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Figure 6. Influence of loading conditions on crown deflection.
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is 1, the current soil height is level with the crown.

Although the monolith structure (curve A) is not a
function of intermediate fill heights, it is plotted as a
straight line and the assumption is made that fill
height corresponds to percentage of gravity so that full
fill height implies full gravity.

The obvious difference between curves A and B is
that the incremental solution shows a slight peaking
when the fill height is near the crown, whereas the
monolith solution is incapable of producing such a
response. However, as the fill-height ratio increases
beyond 2.0, the discrepancy becomes less pronounced.
At full height, the crown displacement ratio is 0,92
(monolith/incremental). Other key response ratios at
full height are thrust = 1.04 and moment = 1.08. Ratios
are monolith divided by incremental evaluated at
springline.

Effect of Compaction Loads

Compaction loads are all temporary loads that ad-
vertently or inadvertently compact the soil on the sides
of the liner (e.g., vehicles, sheepsfoot rollers, heavy
equipment, and hand compacters). Field observations
indicate that compaction loads contribute more signif-
icantly to lateral movement and peaking than does the
gravity weight of the soil layer.

A rigorous analytical model of compaction is very



Table 2. Key response ratios at full fill height.
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Parameter and Run Number

Compaction Liner Liner Shape Special Features
Loads Soil Stiffness Thickness
Key J L M N
Response A D E F G H 1 Low K Thrust Soil  Stiff
Ratio None Double One-Half Double Nonlinear Gage 10 Gage 1 Profile Ellipse Beam Bin Ribs
Displacement 1.15 0.85 1.99 0.52 0.88 1.02 0.99 0.83 2.17 0.99 1.09 0.85
ratio
(crown)
Thrust ratio® 1.02 0.98 1.01 0,98 0.99 0.99 1.00 0.95 0.90 1.02 1.01 1.01
(near
springline)
Moment ratio 1.02 0.98 1.69 0.58 0.89 0.69 1.23 1.09 0.71 1.06 1.00 12.1
(near
gpringline)

Notes: For reference, values of run No, C are relative crown displacement = -7.62 cm (-3.002 in}, maximum thrust = -15 516.8 kPa/cm {-6522 Ib/in), and maximum moment

=-17 257.1 N-m/m (-3878 in - Ib/in},
*Both maximum moment and maximum thrust generally occured at first node above springline.

Figure 7. Effect of soil stiffness on crown deflection.
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difficult because it requires describing the location,
magnitude, and character of all temporary loads, in-
cluding inertia effects. Moreover, a nonconservative
soil model {(e.g., plasticity model) must be used so that
residual lateral stresses will remain after the compac-~
tion load is removed.

In this study a simplified compaction technique is
used that simulates the effect of compaction and is
applicable for both linear and nonlinear soil models.

To start, a uniform pressure, which represents all
compaction loads at this level, is applied along the sur-
face of the first construction increment (except for the
elements adjacent to the liner) and a solution obtained.
Next, the second soil lift is added to the system and
another uniform pressure applied to its surface. At
the same time, the first pressure load is removed by
applying an equal but opposite pressure. These pres-
sures squeeze the second lift and increase lateral pres-
sure on the liner via the Poisson effect. The process
is repeated for each lift up to the crown. Above the
crown the process is terminated by removing the last
compaction pressure so that no compaction loads re-
main in the system.

The effect of applying this technique is illustrated
in Figure 6 by curves B, C, and D (see Table 1), which
represent no compaction, 34.5-kPa (5.0-1b/in®), and
69.0-kPa (10.0-1b/in®) compaction pressures, respec-
tively. Note that as compaction pressure increases,
maximum peaking increases substantially. Indeed,
curves C and D are more representative of actual field
behavior than curve B (for this reason run C was se-
lected as standard).

As the fill height increases beyond the crown level,
the differences between the curves begin to decrease.
At full fill height, Table 2 compares ratios between
crown displacements by using the basic model (run C) as
standard. Each response ratio is formed by dividing
the corresponding response of the run number by run C.
In addition, comparison ratios are given for maximum
moment and thrust located slightly above springline. It
is observed that the final effect of compaction loads on
maximum moment and thrust is negligible.

Effect of Soil Stiffness

The effect of soil stiffness is examined by specifying
Young's modulus of the fill soil as 6900, 13 800, and
27 600 kPa (1000, 2000, and 4000 1b/in"), corresponding
to runs E, C, and F of Table 1. In addition, the effect
of a rudimentary nonlinear model known as the over-
burden-dependent soil model (12) is investigated (run G,
Table 1). Here the tangent Young's modulus increases
with overburden pressure from a low of 6900 kPa (1000
1b/in®) to 20 700 kPa (3000 1b/in’) at full fill-height
pressure. In all cases Poisson's ratio is held constant
at 0.35 and the in situ soil stiffness is unaltered from
the basic model.

Curves E, C, and F in Figure 7 depict the influence
of elastic soil stiffness on crown deflection during the
construction sequence. Maximum peaking and maxi-
mum flattening occur almost in inverse proportion to
the soil stiffness. The comparison ratios in Table 2
reveal that thrust is practically unaffected by soil stiff-
ness, whereas moment is influenced in the same manner
as displacements but to a lesser degree.

The overburden-dependent model, curve G in Figure
7, shows greater peaking but less flattening than the
basic model, curve C. This is expected since the stiff-
ness changes from less than to greater than the basic
model as fill height is increased. In summary, it is
significant to note that deflection is directly controlled
by soil stiffness, whereas thrust is not appreciably
changed.

Effect of Liner Gage

The practical range of liner thicknesses for 15 x 5-cm
(6 % 2-in) corrugation is gage 10 through 1. In this
study, gage sizes 10, 5, and 1 are compared (i.e., Tuns
C, H, and I of Table 1).

Section properties are shown in the insert of Figure
8, and curves C, H, and I show the history of crown de-
flection for each gage. Interestingly, deflection his-
tories are practically unaffected by the gage even though
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Figure 8, Effect of liner gage on crown deflection.
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Figure 9. Effect of liner shape on crown deflection.
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bending stiffness (moment of inertia) is more than
doubled. From the previous study one concludes that
soil stiffness dominates liner stiffness and controls the
deformed shape. Of course, in the early stages of con~
struction, when the soil height is below the springline,
this conclusion is not valid because the soil mass is

too small to dominate the system. Here stiff liners are
useful to maintain shape and provide lateral resistance
for compaction, From Table 2, observe that thrust is

unaffected by liner stiffness, whereas moment increases
significantly with liner stiffness.

Effect of Liner Shape

Three fundamental shapes are compared; high-profile
arch, low-profile arch, and ellipse, corresponding to
runs C, J, and K in Table 1. All shapes have the same
span and top rise so that the basic finite element mesh
(Figure 4) is unaltered above the springline,

To model the ellipse, the bottom half of the basic
mesh is replaced by a mirror image of the top half;
thus, a horizontal ellipse is formed that has a total
rise of 6,81 m (22.3 ft). For the low-profile arch, addi-
tional elements are added to raise the floor and footing
of the basic mesh to 0,36 m (1.17 ft) below the springline
so that the total rise is 3,76 m (12.3 ft). One liner ele-
ment is used between the springline and the footing and
the last element is anchored in the footing to provide
continuity.

Figure 9 illustrates the history of crown deflection
for each shape as a percentage of the common reference
rise, 6.53 m (21.4 ft). Thus, the deflection histories
may be compared directly. Note deflections of the high-
and low-profile arches follow similar trends, but the
high-profile archisislightly more flexible. However,
the ellipse exhibits very little peaking but excessive
flattening, more than twice that of the high-profile arch.

Observe in Table 2 that the ellipse affords a moderate
reduction of thrust and moment compared to the high-
profile arch, whereas the low-profile arch exhibits a
slight decrease in thrust and an increase in moment.

Effect of Special Features

The performance of special features (thrust beam, soil
bin, and rib stiffeners) illustrated in Figure 2 are com-
pared to each other and the basic model, corresponding
toruns C, L, M, and N in Table 1. Note, however, that
the finite element idealizations do not mimic all of the
intended functions of each special feature. This must
be kept in mind when interpreting the results.

To model the thrust beam, triangular continuum ele-
ments are added to the basic mesh forming a triangular
concrete ear measuring 1.04 m (3.42 ft) on the hori-
zontal leg and 0.71 m (2.33 ft) on the vertical leg. The
acute angle is located 3.66 m (12.0 ft) off the center line.
Material properties are the same as the concrete foot-
ing shown in Figure 3. The ear is assumed part of the
initial configuration.

Modeling of the soil bin is approximated by super-
imposing a steel frame structure on the liner, as shown
in the insert of Figure 10. The section properties of
the rib and connection members represent smeared
averages over the rib spacing interval, whereas the fin
is continuous and has the same properties as the liner,
Shaped rib stiffeners are easily incorporated into the
basic mesh by increasing the sectional properties of
the liner. Again section properties are approximated
by a smeared average over the rib spacing interval.
For this example, the composite liner moment of in-
ertia is 82.0 cm%cm (5.0 in%in) and the composite liner
area is 1.12 em%cm (0.44 in%in). Properties approxi-
mate a curved I-beam (12WF36) spaced at 1.5-m (5-ft)
intervals and bonded to the liner. Note that the stiffened
liner is nearly 40 times stiffer in bending than the un-
stiffened liner.

Curves C, L, M, N in Figure 9 illustrate the effect
of each special feature on the history of crown deflec-
tion. As might be expected, the rib stiffeners and soil
bin substantially limit peaking (curves M and N), How-



ever, as fill height is increased, the soil bin structure
exhibits slightly more flattening than the other struc-
tures. The thrust beam (curve L) provides a modest
reduction in peaking but for the most part behaves like
the basic model (curve C). At least one attribute of the
thrust beam not modeled in this analysis is that higher
compaction (soil stiffness) can be achieved in the soil
adjacent to the thrust beam.

At full fill height, Table 2 shows that the maximum
moment of the rib-stiffened structure is increased an
order of magnitude due to the large increase in bending
stiffness. However, other key responses are not
significantly altered by the special features.

SUMMARY AND CONCLUSIONS

This study illustrates the influence of fundamental model-
ing assumptions in applying the finite element method

to long-span systems. Based on these studies, the
following findings, conclusions, and recommendations
are offered:

1. Solutions that use large deformation theory do not
differ appreciably from those that use small deformation
theory; the discrepancy is less than 8 percent. This dis-
crepancy is due to large rotations, not large strains.
Therefore, small deformation theory and infinitesimal
stress-strain laws may be used for analyzing long-span
systems if the percentage of crown deflection remains
within practical limits, say 2 percent.

2. At full fill height a monolith representation yields
a solution in approximate agreement (10 percent dis-
crepancy) with an incremented system. However, a
monolith system is incapable of {racking the history of
deformation such as maximum peaking, nor can it
consider compaction loads. As a general rule monoliths
have limited value in long-span analysis. Incremented
techniques should be used.

3. Compaction pressure placed on each soil-layer
inerement produces peaking several times greater than
the gravity weight of the soil. (This correlates with
field observations.) Thus compaction loads should be
included in long-span analysis.

4. Soil stiffness (Young's modulus) dictates the
magnitude of the liner deformation (i.e., deformation
ig in inverse proportion to soil stiffness). Since liner
deformation is primarily due to bending (as opposed to
membrane contraction), the liner bending moments are
also inversely proportional to soil stiffness. However,
thrust is insensitive to soil stiffness. Evidently, the
gelection of a soil model (linear or nonlinear) is crucial
for predicting the deformed shape of the liner.

5. Liner bending stiffness within the range of
standard gage sizes for structural corrugation has
negligible effect on controlling liner deformation when
the fill soil is above the springline. In other words, the
goil stiffness dominates the system so that the deformed
shape is not changed when using a heavier gage. Asa
consequence, the maximum moment increases in pro-
portion to the bending stiffness because the deformed
shape does not change appreciably with gage. Thrust
remains insensitive to liner gage, therefore thrust
stress is reduced in proportion to the sectional area.
Rather than conclude that increasing bending stiffness
by heavier gage is of no value to reduce deflection, it
is recognized that stiff liners are beneficial in early
stages of construction to maintain shape and provide
compaction resistance.

6. With regard to liner shape, high- and low-profile
arches exhibit similar structural responses, but the
high profile is slightly more flexible. In contrast, the
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ellipse exhibits very little peaking but shows excessive
flattening due to the simultaneous deformation of top
and bottom arches, Correspondingly, thrust is re-
duced by 10 percent due to increased soil arching.

7. Special features, thrust beam, soil bin, and
rib stiffeners exhibit no marked difference in crown
deflection at full fill height. However, during the in-
cremental construction process, the circumferentially
stiffened structures (soil bin and rib stiffeners) exhibit
significantly less peaking than the less-stiffened struc-
tures.

The questions pursued in this study are fundamental.
1t is hoped the findings will provide a foundation or bench-
mark for other studies. Many more detailed areas of
study and experimental programs need to be undertaken
before a universally accepted long-span model is
established, The area of singular concern is char-
acterization of the soil because it controls the deforma-
tion of the entire system. When investigators come to
agreement on a soil model, then agreement on an ac-
cepted modeling practice of long-span systems is not
far behind.
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