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In-Place Roadway Foundation 
Stabilization 
Richard P. l\1urray 

A new stabilization technique that uses a two-dimensional pile system 
and relieving platform is described. This technique has been used to 
preserve a short section of NY·23A about 16 km (10 miles) west of 
Catskill, New York. The two-lane roadway, built on the side of a steep 
mountain 11alley, suffered major damage in a 1935 hurricane. Recon· 
struction at that time used a series.of stone-filled timber cribs and stone 
walls to support the roadway embankment. Subsequent weathering has 
caused deterioration of the exposed timber crib faces and resultant loss 
of stone filling from within the cribs. This loss of support has caused 
movement of the pavement. One location in particular, where the road· 
way was supported by a series of four timber cribs, was considered criti· 
cal because a failure would be rapid and would involve the entire road· 
way . In early •977, the stone wall in this area had moved so much that 
It threatened to topple. This wall was replaced by precast concrete wall 
units, which solved the immedia te problem but not the d81lp ·seated sta· 
bility problem. Permanent stabilization alternatives Included relocation 
into the hillside, a structure at grade, support of the downhill slope, and 
in-place treatment. Design const raints included maintaining one-way 
traffic during construction and min imizing environmental damage. In· 
place $t&bilization incorporating the root -pile concept was selected . Plans 
and specifications were prepared on this basis. This paper describes the 
project s-ite, design features, analysis of the contractor's proposal, con· 
struction details, and postconstruction observations. Recommendations 
for the use of this in-place stabilization method on future contracts are 
made. 

Each year, many highways in the United States are dam
aged by landslides . It is estimated that more than $100 
million is spent annually to repair landslide damage. 
Studies nave shown till! up to 95 percent of all landslides 
are caused by water (1). The project described in this 
paper, however, did not involve a water-related slide: 
In this case, deterioration of timber cribs had removed 
support from upper retaining structures and the roadway. 
The mo\•ement of slides due to such causes is slow, and 
frequent patching of the pavement can keep the surface 
safe for travel. However, as movement progresses, 
these slides reach a point where complete failure is im
minent and major stabilization techniques must be used. 
The choice of stabilization methods is often limited by 
design constraints such as lack of additional right-of
way, the need to minimize environmental damage_, and 
the need to maintain traffic flow during construction. 
These constraints often require new and innovative sta
bilization. methods. This paper describes the case his
tory of the design and construction of an emba.nkment
stabilization project having all of these constraints. 

SITE DESCRIPTION 

The project w·as located on NY-23A, about 160 km (100 
miles) north of New York City and 16 km (10 miles) west 
of Catskill (see Figure 1). This road connects the Hud
son Valley, a major north-south travel route, with the 
northern Catskill Mountains through a steep, narrow 
valley. The road is 6.4 m (21 ft) wide and rises approxi
mately 365 m (1200 ft) in 5.6 km (3. 5 miles). The Catskill 
Mountains are a year-round tourist and resort area that 
provides recreation activities for the urban New York 
area. Summer recreation, fall foliage, and winter ski
ing make the roadway heavily traveled with cars, buses, 
and commetcial trucks throughout the year . 

A cross section of the landslide area shows the need 
for stabilization (see Figure 2). The embankment slope 
combining the stone wall and the series of timber cribs 

has an overall inclination of about 75°. Borings taken 
adjacent to the dry stone wall showed a layered cobble 
and boulder fill O\'er very compact glacial till that ex
tends to bedrock. Borings taken on the uphill side of 
the road did not encounter the cobble and boulder fill. 

The timber cribs were installed in 1935 a{ter hurri
cane rains had destroyed many areas of the road (see 
Figlires 3 and 4). Over the past 40 years, the timber 
facing deteriorated and either disappeared (Figure 5) 
or' was seriously weakened . This I:"esulted in a loss of 
support for the upper retaining structures and the road
way. In the main failure area (see Figure 6), the re
taining structure settled and tipped, which created a de
pression of the pavement that required periodic mainte
nance. In the area just west of the main failure area 
(see Figure 7), deterioration and movement of the lower 
timber cribs removed support for the oversteepened soil 
slope, which led to subsidence of the shoulder and guide 
rail. 

Slope indicator data showed movements at 3 m (10 ft) 
and 5.8 m (19 ft) below the roadway surface. The move
ments at 3 m were related to displacement of the dry 
stone wall. In 1977, a portion of this wall appeared 
ready to collapse and was replaced. The continuing 
movements at 5.8 m were approximately at the interface 
between the cobble fill and the glacial till (thus reinforc
ing the failure-mechanism theory that the deterioration 
of the timber crib facing was the cause of the loss of 
support for the facilities above). Failure at this level 
would remove at least half of the roadway and thus close 
tl}e road. 

CORRECTIVE DESIGN 

Because the project is located within the Catskill State 
Park, strict controls to minimize environmental and 
esthetic damages had to be observed . Traffic conditions 
dictated that at least one-way traffic had to be maintained 
at all times. Possible design alternatives o! relocation 
into the hillside, an at-grade structure supported by 
drilled-in caissons, and stabilization of the downhill 
slope with a rock fill were studied and rejected for not 
meeting the New York State Department of Transporta
tion (NYSDOT) criteria. Reconstruction of the existing 
walls in the same locati,on was impossible due to the re
stricted access to the cribs [15 m (49 !t) or more below 
the roadway ] and the necessity to remove the roadway 
that this process would entail. Treating the face with 
shotcrete was determined to be impractical and not per
manent. Thus, a solution was required that would pro
vide a permanent stable platform for the roadway with
out the support of the timber crib walls; i.e., in-place 
stabil.ization was needed . 

Several in-place stabilization methods were investi
gated. A structure at grade was considered in detail 
and rejected because of lack of accessibility of the site 
for large equipme'nt, costs, and the necessity to close 
the road. A line of drilled-in caissons forming a wall 
was rejected because of the limited working area for 
large equipment, questionable cost estimates, and un
certainty as to whether or not sufficient bridging to sup
port the roadway would develop between the caissons. 
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The last method considered was one involving drilling 
a three-dimensional array of small-diameter root piles 
to create an in-place gravity-stabilized retaining wall 
by knitting together the in situ soil, boulder, and rock 
masses. This patented process was selected because 
it fulfilled all of the design criteria. 

Because the root-pile method was a patented process, 
legal complications arose regarding awarding a sole
source procurement contract of this magnitude. New 
York State law requires that all large contracts be a warded 
on a competitive-bid process and, therefore, it was 
necessary to develop some form of alternative-bid con
tract. Designs from other foundation specialty compa
nies were solicited and found to be unsatisfactory. Al-

Figure 1. Project location. 

PROJECT SITE 

Figure 2. Cross section of critical section showing need for stabilization. 
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ternative bids of root piles versus complete relocation 
into the hillside were considered and rejected. The 
NYSDOT legal department stated that the specifications 
must allow other contractors an opportunity to submit 
equivalent designs. NYSDOT was reluctant to be put in 
the position of having to evaluate alternative designs, 
but the roadway failure was accelerating and the project 
was essential, and so an" or equal" provision was included . 

The plans and specifications were developed around 
the concept that the contractor would design and con
struct an earth-pile retaining wall based on a system of 

Figure 3. Conditions after 1935 hurricane. 

Figure 4. Construction of stone-filled timber cribs used to repair 1935 
hurricane damage. 
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Figure 5. Current condition of timber cribs. 

Figure 6. Mein failure area. 

cast-in-place reinforced concrete piles similar to those 
used in the root-pile method and topped with a reinforced 
concrete cap beam or an approved equal. The specifica
tions required that the piles have a minimum diameter 
of 10 cm (4 in) and that the retaining wall contain an 
average or at least two 10-cm piles per linear Coot (0.3 
m) oC wall measured at the ground surface. The payment 
items included excavation, piles, additional fluid mortar, 
concrete, and steel. Due to the unique location, topog
raphy, access problems, and storage space at the proj
ect site, the contract documents included as much infor
mation as possible to assist the contractor in the design , 
as well as a requirement that the site be visited before 
bid submission. Every effort was made to pro\'ide the 
contractor with enough information to design and con
struct the retaining structure. 

The design that was appro\'ed for use invol\'ed instal
lation of a two-dimensional svstem of four or fi\'e rows 
of reinforced concrete piles battered 15° in both di rec
tions Crom the ,·ertical and supporting a reinforced con
crete cap beam. Figure ~ shows a typical pile layout 
and section at the critical section. The length of the 

Figure 7. Area west of main failure area. 

Figure 8. Typical pile layout at critical section. 
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piles was \•aried based on the cross sections, and more 
piles were installed in the more critical areas . The 
pile and cap beam structure was analyzed as a rigid 
frame with sidesway. The legs (pile clusters A and B) 
were assumed to be fixed at the failure plane (because 
of their embedment below this point) and to act as beams 
and thus provide the capa.bility to resist moments. These 
are valid assumptions because the loose open rock al
lows the fluid mortar to fill the voids and the reinforcing 
steel knits the whole system together. All lateral re
sistance abo,·e the failure plane in front of pile cluster 
A was disregarded . Any material remaining in this po
sition adds to the stability of the system. The soil above 
the failure plane, consisting mainly of layered cobbles 
and boulders, was assumed to hm•e a unit weight or 1842 
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kg/ m3 (115 lb/ft3), an angle of internal friction of 30°, 
and cohesion equal to 0. 

The s teps in the design analysis are shown in Figures 
9-13. [The example analyzed in these figures does not 
represent the most critical section (that shown in Figure 

Figure 9. Design analysis: resolution of forces from wedge 1. 
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8) but, rather, is based on preliminary data. The con
ditions at the critical section were discovered only during 
construction and were analyzed by the ~1SDOT Soil 
Mechanics Bureau by using an approximate, somewhat 
conservative method. J 

The forces exerted on the piles by the earth above 
the failure plane were resolved (see Figures 9 and 10) 
into axial and transverse loads on the two pile clusters. 
The transverse loads acting on the piles were distributed 
increasing linearly with depth. A rigid-frame analysis 

Figure 11. Design analysis: fori:es acting on rigid frame. 
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Figure 13. Design analysis: calculation of axial load on 
(a) pile cluster A and (b) pile cluster B. 
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Figure 14, Construction: series of drills at work site. 

with sidesway was performed for the geometry and loading 
shown in Figure 11. The resulting moments and shears 
are shown in Figure 12. The axial loads from the bend
ing moments were added to those obtained in the steps 
shown in Figures 9 and 10. The allowable pile loads 
were calculated as shown below (1 kN/m = 0.222 lbf/ft 
and 1 kN = 224 lbf): 

For pile cluster A, which has the geometry shown in 
Figure 13a, 

Axial force per meter= (25.21 + 44.63)cos 15° + 29.91 = 
97.37 kN/ m, 

Force from bending moment= 53.64/0.88 = 60.95 kN/m, 
and 

Maximum axial load per pile = 158.32/8. 74 = 18.11 kN 
(whi ch is less than the design capacity of 111.25 kN). 

For pile cluster B, which has the geometry shown in 
Figure 13b, 

Axial forte per meter = (30. 73 - 4.45)cos 15° + 32.10 = 
57.48 kN, . 

Force from bending moment == 55 .87/ 0.74 = 75.50 kN/ m, 
Total axialload = 57.48 :!: 75 .50 == 132. 98 kN or -18.02 kN, and 
Maximum axial load per pile= 132.98/ 6.56 = 20 .27 kN 

(which is less than the design capacity of 111.25 kN). 

The contractor's computations were checked by the 
Soil Mechanics Bureau by using an approximate and con
servative method. The ability of th.e pile clusters to 
sus tain the computed bending moments was also investi
gated. It was found that, to enable each pile cluster to 
act as a composite beam, the shear strength of the rock 
fill between the piles had to be increased by permitting 
penetration or Quid mortar from the piles. After the 
design computa tions had been reviewed , the design was 
approved. 

5 

CONSTRUCTION 

Construction began in August 1977. The contractor 
elected to excavate below the cap beam and pour an un
reinforced concrete mud mat or working platiorm. This 
mat enabled him to lay out the piles on a smooth surface 
and to work in all kinds of weather. The pile layout was 
checked against the contractor's approved drawing and 
drilling began as shown in Figure 14. In a small num-
ber of holes, steel casings were used but, in most, 
there were no casings. The fluid mortar was hand 
poured into the holes, and 3.2-cm-diameter (no. 10) . 
Dywidag threaded rods (reinforcing bars) were inserted. : -
The rods had been cut into 3-m lengths, due to the ne
cessity of installing them by hand. The plla,,lengths were --._ 
determined by the length of the reinforcing steel placed 
and: did not exceed the design length. The contractor 
was ordered to continue work until the piles and cap beam 
were completed to ensure the overall stability of the 
area. 

Before the piles were installed, slope indicators were 
installed at various locations to monitor the stability 
during and after construction. Analysis of the movement 
data indicated that, as the piles were installed, the 
movements shifted to a lower depth in the compact glacial 
till due to the load transfer in the piles. Records indi
cate that up to 13 cm (5 in) of movement of the top of the 
existing dry stone wall occurred during construction op
erations. The movements slowed considerabl:Y as the 
front rows of piles were completed but remained in a 
constant state of flux from shallow to deep and vice versa 
due to readjustments of the shearing stresses from the 
soil to the piles. The piles transferr:xl the loads deeper. 
Since completion of the cap beam on December 15, 
1977, only minor movements have been recorded. 

PERFORMANCE 

The project was opened to traffic in 1978. It bas been 
through two winters and springs, i.e., the most critical 
times of the year, with no significant adverse effects. 
The minor settlements of the pavement adjacent to the 
cap beam are believed to be due to discontinuity in the 
pavement cross section-the cap beam and the unexca
vated pavement provide a rigid base, whereas the area 
between was filled with subbase material. The subbase 
material consolidated under traffic loading, which re
sulted in formation of a depression. There are also two 
areas on the downhill side of the work where the soil and 
rock have moved away from the cap beam. These move
ments were expected and were taken into account in the 
design shown in Figure 8. As this material moves away 
from the earth-pile retaining wall, the design concept 
of not relying on it for stability will be tested. 

This method of in-place stabilization has proved to 
be effective and meets all of the design criteria. The con
tractor was able to work within one lane and maintain 
traffic on the other lane. Some dust was generated by 
the drilling operations; however, the effects on the en
vironment were negligible . The cost of the earth-pile 
retaining wall and related items (no paving items) was 
about $10 DOD/ linear m ($3000/ linear ft) of stabiliza
tion. Much of this cost was due to the design constraints, 
the project location, and the area terrain. 

RECOMMENDAJ'IONS 

New York State anticipates only limited future applica
tion of this stabilization method, principally due to its 
high cost. There may be other failure areas where con-

l 



6 

straints will dictate the use of this method. In these 
cases, the state will design the treatment rather than 
making use of the design-construct concept. Bidding 
competition by the many contractors who are not staffed 
to develop a design-construct contract should result in 
lower bid prices. 
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Embankment Stabilization by Use of 
Horizontal Drains 
Stephen E. Lamb 

An embankment 24 m (about 80 ft) high that traverses a narrow valley 
on 1-81 about 56 km (35 mill!$) south of Syracuse, New York, began to 
fail several years after construct.ion. In the spring of 1973, the pavement 
dropped several centimeters to bring the cumulative patch to 46 cm 
(about 18 in). Complete feilure of the embankment was anticipated for 
the spring of 1974 because past movements had been largest during the 
spring and recent monitoring had indicated an increase in the rate of 
movement. A design for a stabilization project to counteraC1 the effecu 
of the hydrostatic pressure that was believed to be causing the failure 
- prepared that consisted of a berm and shear key at the toe of the em
bankment. Implementation of this d1!$ign, however, could not be com
pleted before spring. Therefore, it was decided to .stabilize the em
bankment by decreasing the excess hydrostatic pressure by installing a 
system of horitontal drains, a project that could be completed before 
spring and at a cost saving of S1 000 000. The project WllS completed 
in early spring of 1974, and the embankment has been stable since 
then. This paper describes the design, construction, and postcon
nruction evaluation of the projec!. In addition, observations and 
comments are made that should be of assistance in evaluating this 
method of stabilization for future projects. 

The problem discussed in this paper occurred in an em
bankment 24 m (approximately 80 ft) high that crosses a 
steep-sided valley 122 m (approximately 400 ft) wide. 
The embankment is part of I-81 in central New York 
State; in April 1973, about eight years after its con
struction, a severe crack was observed in the south
bound roadway (see Figure 1). The pavement bad drop
ped several centimeters and, by mid-July, approxi
mately 46 cm (18 in) of asphalt paving had been placed 
to maintain the highway profile. A field review to de
termine the extent of the distress showed that stabiliza
tion would be beyond the scope of maintenance personnel. 

DESIGN INVESTIGATION AND ANALYSIS 
' 

The investigation of the area consisted of a survey, a 
drilling program, and establishment of horizontal
movement-control stakes. The drilling program con
sisted of 21 borings. In 17 of the borings, observation 
wells were established to monitor groundwater fluctua
tions and to locate the depth of mo,·ement ln the founda
tion soils (1). A plan of the site is shown in Figure 2. 

Irispection of a 91-cm (36-in) diameter, corrugated 
metal pipe culvert in the center of the unstable area 
showed separations at several joints and a few separa
tions between the joints. Also, the underdrains placed 
at the original ground surface during original construc
tion were !lowing . 

The cross section shown in Figure 3 indicates the 
soil profile and observed static water table. The obser-

vation wells indicated a variable artesian pressure bi:low 
the silt and clay layer, and measurements in these wells 
indicated significant lateral movement in the lower part 
of the silt and clay strata. 

An analysis of the data obtained by the end of July 
1973 suggested that a progressive wedge-type shear 
failure was occurring through the silt and clay. The 
most significant factor contributing to the failure was 
that, since construction, the static water table had risen 
21 m (approximately 70 ft) in the embankment. 

Analyses indicated that a counterweight berm would 
not be adequate to provide stability. One apparent solu
tion was to form a key against sliding by a close-order 
sequence of excavation and backfilP~g and then construct 
a berm above the key. Analysis of this indicated that the 
slope would be stable but that the method would require 
an excavation for the key that extended approximately 
9 m (30 ft) below the existing ground surface a nd cost 
about S 1 million, because of limited access for equip
ment. Next, an at-grade structure spanning the failu re 
area was considered, but the cost estimate for this was 
also about $1 million. Therefore, the decision was made 
to prepare plans to stabilize the area by using a shear 
key-berm solution, because a structure would require 
long-term maintenance. The design for this could ha\·e 
been completed by April 1974; however, the construction 
would not have been completed until several months lacer. 

Because a major failure during the critical spring 
period was a significant possibility, a review was made 
of another method for solving lhis problem. In the west
ern United States, groundwater is sometimes removed 
from slopes by installing horizontal drains. Such drains 
cannot be considered a permanent solution because of the 
complexity of underground water movements, but their 
cost is only approximately 4 perce'nt (Le. , $ 40 OOO) of 
the cost of the more-permanent treatments. Conse
quently, a recommendation was made to attempt to 
achieve stabilization by installing horizontal drains. 

A contract was negotiated, and work began in March 
1974. Basically, the contract included a gene ral de
scription of the work to be performed and a 30-day com
pletion date with a liquidated damage clause. 

Because the schedule of the project did not provide 
sufficieut time to complete the borings until just befor e 
beginning the contra'.ctual work, the descripllon of the 
work to be performed w::i.s written before all the sub
surface information could be obtained . However, the 
desc ription was suificienlly general to allow maki ng 
modificatio ns after reviewing all the information. 

The location and spacing of the drains was determined 



Transportation Research Record 749 

from an educated guess rather than a theoretical analy
sis. Basically, the drains were to be installed in a fan
shaped pattern from the toe of the embankment at two 
di.fferer.t inclinatio ns. The uppet level was to be in
stalled abo\·e and parallel to the silt and clay strata to 
achie\·e the maximum possible drawdown in the embank
ment mater ial and to prevent recharge during peak run
off. The lower level was placed so as to provide drain
age for the lower permeable strata (see Figures 3 and 4). 

CONSTRUCTION 

There are several practical problems of installation that 

Figure 1. Problem site: highlighted pavement crack. 

... ... 

/ 
/ 

,.,. ,,, 

Figufe 2. Plan view. 
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are important in the design and inspection of horizontal 
drain projects. 

The equipment requires a level working surface ap- '\ 
proximately 6 m (20 ft) wide. The working surface at the 
site was established by constructing a small cut-fill sec-
tion at the toe of the embankment. 

Before drilling was begun, the equipment was leveled 
on a timber mat. The horizontal alignment was estab
lished by sight ing along stakes located at the top and toe 
of the slope, and the vex·tical alignment was established 
by loosening the swivels and adjusting the leveling jacks 
by using a 15-cm (6- in) machinist' s level on the initial 
length of drilling rod (see Figure 5; note s.,cissor swivel -~ 
and adjustable jack on ends of carriage). The 0.1-0 .15 
m 3/min (30-·40 gal/min) water required for drilling was 
obtained by damming the culvert outlet. 

The heavy-walled, flush-coupled steel drill casing 
had an expendable bit adaptor with a J-slot on the first 
section. One or two 0-ring seals were placed in the 
groove·s in the adaptor to prevent drill cuttings from 
lodging between the disposable bit and the adaptor and 
possibly freezing the bit to the adaptor . 

The 3-m (10-ft) sections of drill casing were advanced 
with water and rotation until the planned length was 
reached. The disposable bit was then advanced without 
rotation or water until the bit jammed against firm ma
terial. To uncouple the bit, the rotation of the casing 
was reversed fo r approximately one-quarter to one-half 
turn and then the casing was hydraulically withdrawn to 
dislodge the bit. 

Two problems were encountered during the drilling 
operation: (a) flowing silt and sand plugging the drill 
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Figure 4. Drain layout: plan view. 

APPi.OIC TOE 
0' SLOP£\ 

___ J_ __ _ 

-------

Noto: 1 m • 3.28 ft. 

Figure 5. Vertical alignment of drilling equipment. 

casing and (b) inability to dislodge the dis.po sable bit. 
These problems can be avoided by using a one-way valve 
and spacer in the bit assembly when drilling in loose 
sand or silt and by attaching the bit and 0-ring seals 
carefully. 

The drain pipe was 5-cm (2-in nominal) diameter 
polyvinyl chloride (PVC) that had 0.25-mm (0.010-in) 
wide slots in a trislot configuration around the perimeter 
at 6-mm (0.25-in) intervals. Each drain consisted of 
joined 3-m sections of slotted pipe, except that the last 
two sections were unslotted to prevent piping at the drain 
outlet. The drain pipe was plugged at the upper end and 
inserted into the drill casing. As additional lengths of 
pipe were inserted into the casing, each joint was glued. 

· The casing was extracted in 3-m sections from around 
the PVC pipe, which was held in place in the slope by a 
floating-lock piston device. This locking device is a one
way water-tight piston that, as the casing is withdrawn, 
is retained within the drill casing by water pressure. 
Occasionally, the piston bound in the drill casing, but 
this problem could usually be solved by rapping the cas
ing with a sledge hammer as the casing was being with
drawn. 

A few drains did not function after completion. A re
view of the installation sequence suggested that this 
problem was probably caused by the separation of a PVC 
pipe connection when the piston locking device bound in 
the casing. This situation was satisfactorily corrected 
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by pop riveting some of the connections. 
Grease was applied to the threads of the drill casing 

each time a section of casing was added, an operation 
that resulted in the formation of a grease ring on the in
side of the casing as the connections were tightened. 
This excess grease then smeared over the drainage slots 
in the PVC pipe when the pipe was installed through the 
casing. Because the greai-e is not water soluble, this 
smearing significantly reduces the effective area avail
able for water to enter the pipe. [For example , on a 
76-m (250-ft) section of pipe that was remo' P.d from the 
casing because the drill bit could not be dislodged, ap
proximately 30 percent of the effective drainage area 
was smeared with grease. J The grease cannot be elim
inated because the lubricant is required for the drilling. 
Therefore, the amount of grease applied should be min
imal, and its application to the casing connections should 
be carefully done. 

The work involved the installation of 1585 m (5200 ft) 
of drains and was completed in 3 weeks. 

POSTCONSTRUCTION DATA COLLECTION 
AND EVALUATION 

After completion of the drain installation, data were first 
obtained weekly on the movement of the control stakes, 
the water elevation in the observation wells, and the 
flow rate from each drain. In October 1974, the record
ing interval was modified to annually for the movement 
of the control stakes and biweekly for both the water ele
vation in the observation wells and the flow rate from 
each drain. In July 1975, the reading intervals for the 
water elevations and flow rates were again modified, 
this time to four times per year-April, July, October, 
and January. No additional cracking has been noted 
during periodic visual inspections of the pavement in the 
area. Also, the sur.vey data from the control stakes 
indicate that there have been no significant horizontal 
or vertical movements since the drain installation was 
completed. 

The total flow rate and the flow rates from each le,·el 
of drains are shown in Figure 6. Records from a nearby 
weather station indicate that the upper level of drains 
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Figure 6. Flow data. 
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may be sensitive to rainfall. The flow data obtained a!ter 
April 1975 indicate that the total flow is generally in
creasing. However, these readings were obtained dur 
ing traditionally wet seasons . The data shown suggest 
that more information is desitable for a long-term per
formance evaluation of the drains. 

The typical drawdown curve shown in Figure 7 indi
cates that the static water table above the silt and clay 
strata was generally lowered 3 m during 1974. This 
drop , coupled with a 1.5-m (5-ft) reduction of the water 
table in both the silt and clay and the underlying silt and 
sand was sufficient to provide stability. The data to date 
indicate that the drop in the water table will be lo ng term. 

The flow rates ·of the individual drains varied from 
dripping to approximately 0.03 m 3/min (8 gal/min). 

se,reral of the completed drains were checked in 
September 1975 to determine their slopes. This check 
was initiated because, in a subsequent horizontal-drain 
project, all the drains rose above the desired inclination. 
The drilling equipment used in the two projects w.as 
similar but not identical. The elevations of the drains 
were checked at 15 and 30 m (50 and 100 ft ) by using a 
small-diameter polyethylene tube filled with water as a 
level. 

Any difference in the inclinations between the as
installed values and those found in the September 1975 
check were attributed to the method used to set the ini
tial inclination rather than to wandering oi the steel 
casing. Basically, the information obtained indicated 
that the drains did not significantly rise on this project. 

Water flowing from the drains did not freeze during 

the winter if the flow rates were more than 0.004 m 3 /min 
(0.1 gal/min). 

CON CL US IONS 

The drains have lowered the groundwater table and 
eliminated the factors that caused the pavement failure 
and the ll!Ovements have stopped. 

A 1979 survey indicated that there has been no move
ment in the past five years and that the now from the 
drains is basically unchanged. Thus, the horizontal 
drains have apparently permanently solved the problem 
and also saved $1 000 000. 

RECOMMENDATIONS 

1. The site evaluation should include the installation 
of a complete monitoring s ystem. This system should 
include provisions for monitoring (a) the water table in 
the area and (b) horizontal and vertical movements of 
the ground surface and should be permanent and pro
tected from damage during construction and due to 
vandalism. 

2. A prebid inspection should be held for interested 
prospective bidders during which questions could be 
answered . This would enable the attending bidders to 
more accurately estimate the cost of the work and result 
in lower bid prices. 

3. For greater precision, the yertical inclination of 
each drain should be set by using a level haying a mini
mum length of 0.6 m (2 ft), 
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4. The contractor's installation procedure should be 
reviewed to ensure that the PVC pipe is continuous after 
installation. Perhaps techniques such as a minimum set 
time, pop riveting the joints, or maintaining positive 
pressure on the PVC pipe while extracting the casing 
will be necessary to ensure this. 

5. The contract should require the contractor to 
apply grease to the casing during drilling carefully so 
as to minimize the grease smear on the PVC drain pipe. 

Abridgment 
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Dynamic Compaction of Granular Soils 
G. A. Leonards, W. A. Cutter, and R. D. Holtz 

The densification of a loose granular fill by dynamic compaction is de
scribed. The effective depth of compaction was found to be described by 
the relationship D "" 'h (Wh) y, when D and h are expressed in meters and 
W is expressed in metric tons. The degree of compaction achieved was 
found to correlate with the product of the energy per drop and the total 
energy applied per unit surface area. 

· This paper describes the use of dynamic compaction to 
densify a loose granular fill in preparation for the con
struction of a warehouse at the National Starch and 
Chemical Corporation's Indianapolis plant [further de
tails of this work are described elsewhere (l)]. During 
the 1930s, embankments of granular material-a sand 
spoil from an adjacent gravel pit operation-had been 
placed along the northern property line and through the 
central portion of the development area. The two em
bankments merged on the east side of the property to 
enclose a triangular-shaped tract of land. 

The original plans called for constructing the ware
house on a controlled granular fill entirely located be
tween the two spoil embankments. However, subsequent 
to the filling and grading operations of this area, it was 
decided to enlarge the warehouse and to shift its location 
eastward. These changes meant that both the northeast 
and the southeast corners of the warehouse structure 
would be situated over the old spoil embankments, which 
had been constructed simply by end dumping. Because 
the project was being constructed as quickly as possible, 
the old spoil embanlanents had to be improved as expe
ditiously as possible. 

Basi.cally, the spoil mater ials were a loose, fine-to
medium sand (having thin gravelly seams) covered by a 
well-compacted sand whose thickness increased with in
creasing-distance from the crest of the old spoil piles 
(see Figure 1). The percentage of fines (those passing 
a 75-µm. sieve) ranged from 2 to 10 and was typically 5-
6. The depth to the underlying original ground surface 
was about 5-6 m, and the groundwater table was 9-10.5 
m below the current ground surface. After examining a 
variety of ways for dealing with the problem, it was de
cided that densification would be both the cheapest and 
the most expedient method. Estimates were made of 
relative costs and times to completion for excavation 
~.nd replacement by controlled, compacted backfill ver
sus deep compaction in situ, and deep compaction by a 
heavy falling weight was selected for trial. 

PRELil'vlINARY TRIALS 

Preliminary trials were carried out by using the weights, 

drop heights, and drop patterns shown in Figure 2. 
Based on measurements of crater depth after successive 
drops, it was decided to limit the number of drops at 
each point to seven. Standard penetration (N) and Dutch 
cone penetration. (q,) tests were obtained before and after 
completion of the pattern shown in Figure 2a, and the 
results were sufficiently promising to justify the second 
trial, in which the 5.9 [metric] ton weight was dropped 
12 m in the pattern shown in Figure 2b. Except for the 
first 0.6-1 m, a large improvement in penetration re
sistance was achieved down to the underlying clay layer. 
The clay layer apparently absorbed energy remarkably 
well and prevented deeper densification. Because the 
clay layer was at an even greater depth in the area to be 
improved, it was concluded that dynamic compaction by 
using the weight, drop height, a'1d pattern shown in Fig
ure 2b at each footing location should be satisfactory. 

RESULTS OF DYNAMIC COMPACTION 

A grid was outlined at each footing location and com -
pactlo n was carrie_d out. Figure 3 is typical of the re
sults achieved. In all cases, sufficient compaction (N 2 

15) was obtained to the desired depth (5 m) and the foot 
ings were proportioned by using a contact pressure of 
168 kPa. The warehouse has now been in service for 
more than two years, and measurements show that the 
maximum total settlement has been less than 5 mm. 
Area compaction of lesser intensity was applied between 
the footings to support the slab on ground used for the 
warehouse floor. Although measurements have not been 
made on the floor slab, it has not settled noticeably. 

VIBRATION EFFECTS 

Because of the possibility of further extensions to the 
plant, the relationship between the distance of a drop 
point from an existing structure and the induced vibra
tions was evaluated. A seismograph was placed on an 
exterior footing (before the colwnns were cast), and the 
5.9-ton weight was dropped 12 m at locations 3-24 m 
from the footing. The frequency of vibration was ap
proximately 7 Hz, and the measured velocities were es
sentially ground II}Otions. The peak particle velocity 
appeared to vary inversely with the logarithm of the 
distance from the drop point; on a drained granular soil, 
particle velocities of s:50 mm/s at a distance of 3 m 
from the drop point were found. 
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Figure 1. Typical soil boring results. 
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Figure 2. Number of drops and drop patterns. 
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Figure 4. Relationship between depth 
of influence of compaction and square 
root of energy per drop. 
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COMPARISON WITH PUBLISHED DATA where 

D = depth of influence in meters, 
W = falling weight in tons, and 
h = height of drop in meters. 

As a guide for future work, the results obtained in In
dianapolis were compared with those available in the 
literature. Figure 4 shows the relationship between the 
energy per drop and the depth to which significant densi
fication took place. A suitable criterion for the depth of 
influence would depend on the soil type and its initial 
state of compaction; for the work reported in this paper, 
the criterion was an increase in N-value of 3- 5. A 
common rule of thumb (2) is expressed by the relation-

It appears, however, that the use of this rule tends to 
overestin ate the effective depth of compaction substan
tially and that 

I l .1 1 
ship -

more nearly reflects available experience. 
(I) The degree of compaction attained depends not only 



( 

I 

Transportation Research Record 749 

on the energy per drop but also on the sequence of drop 
points and the nw11ber of drops at each point. Available 
data from Belgium (3), Sweden (4), France (5), Scotland 
(6), Israel (7), and Chicago (8), as well as these, sug
gest that, for dry granular sOlls, the degree of com
paction Cas measured by q0 ) correlates best with the 
product of the energy per drop and the total energy ap
plied pel' unit of surface area (Figure 5). It appears 
that there may be an upper bound to the densification 
that can be achieved, corresponding approximately to 
q. = 150 kg/cm 2

, but more data are needed to verify this 
result. 

CONCLUSIONS 

1. In granular soils, the depth to which densilication 
is significant is controlled mainly by the energy per drop: 
Relationship la given above .is recommended as a guide 
for preliminary trials . The presence of clay layers or 
seams will greatly attenuate the effective depth of com
paction. 

2. The upper meter of soil is usually left in a rela
tively loose state, and surface recompaction is required. 

3. For dry granular soils, the degree of compaction 
achieved seems to correlate best with the product of the 
energy per drop and the total energy applied per unit sur
face area. It appears that there may be an upper bound 
to the compaction that can be attained and that this cor
responds to q.,,. 150 kg/cm 2 (N = 30-40). 
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Construction of a Root-Pile Wall at 
Monessen, Pennsylvania 
Umakant Dash and Pier Luigi Jovino 

A e<ise history of the design, analysis, construction, and performance 
evaluation of a root·pile wall is presented in th is paper. The root·plle 
wall was contracted for construction by the Pennsylvania Department of 
Transportation to correct a landslide near Monessen. The structure con· 
sisted of four hundred and fifty-eight 12.5·cm (S.in) diameter cast·in· 
piece conc1ete piles placed at different inclinations to both the vertical 
and the horizontal axes. The piles were connected at the top by a 
76.2-cm (30·in) ttlick by 1.82·m (6-ft) wide cap beam conwucted in 
two 30.48·m (100·ft) sections. The cap beam was constructed first, and 
the root pile-s were then Installed by extending drill holes through the 
cap beam to bedrock at predetermined locations and Inclinations, insert· 
ing a single no. 9 deformed reinforcing steel bar (grade 60) nto each 
drill hole, and grouting the holes. Nine survey targets were marked at 
the top of the cap l>eam to measure both horizontal and vertical move
ments and seven slope inclinometers were installed at various points both 
upslope and downslope from the structure to measure horizontal move· 
ments of the structure and the surrounding soil. This paper describes tile 
soil and groundwater conditions, soil test rtsu lts . slope stability analyses, 
design of the root-pile wall, and the findings of the horizontal and veni· 
cal measurements of wall movement . The f_ollowing summary, observa· 
tlons. and conclusions are made : (a) a root-pile structure provides a fast 
and economical alternative to many conventional structures; (b) before 
the installat ion of the roqt piles. the movements of the cap beam varied 
from less than 2.5 cm ( 1 in) at the north end to more than 45. 7 cm 
( 18 in) at the sound end- these movements were due to movements of 
unstable soil in t~e slide area; (c) after the installation of the root piles, 

there were significant movements [up to 5 cm (2 in)) in the cap beam 
8$ well as in the soil below it, which indicated that some movement of 
the root·pile structure wa' needed before resistance to earth pressure 
could be mobiliud; (d) no significant $Oil movement through the root 
piles could be detected-the small-diameter piles and the soil between 
them appeared to work as a single composite structure; and (e) oonven· 
tional design procedures for retaining walls appear to provide adequate 
overall design for root·pile walls (the geometry of the root-pile structure 
described in this paper is patented and may not be the optimum design 
for all situations). 

During the construction of a four-lane highway along 
the Monongahela Ri\•er, just north or I-70, a series of 
landslides occurred. One of these landslides, at the 
northern end of the project, involved the new highway 
construction, as well as two water lines and a cit~· 
street abo\·e the slope about 76 m (250 ft ) from the 
northbound lanes. 

A root-pile wall was designed and constructed to 
correct the landslide along PA-306 in Monessen, 
Pennyslvania. Se\·eral alternatl\'es (such as tieback, 
reinforced-earth, and conc1·ete- gra\·it y walls) we1·e 
considered, but the root-pile method of correction was 
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Figure 1. Cross section at center of landslide area. 
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Figure 2. Aerial photograph of site. 
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selected because it would require the least amount of 
disturbance and the minimum time and have a cost 
comparable with that of the other systems . Another con
sideration in the selection decision was that this would 
allow evaluation of the procedure to determine its fea
sibility for future corrective works . 

Root piles are small-diameter reinforced-concrete 
piles developed by the Fondedile Corporation specifically 
for strengthening soil or rock that i s othe r wise incapable 
of s upporting its own load a nd/or an external load (1, 
2). The method is efficient and economical and s uitable 
Tor a variety of underpinning, restoration, and stabili
zation work. 

SITE CONDITIONS 

Stratigraphically, the slide area was confined to the 
upper portion of the Conema ugh formation of the P ennsyl ..: 
vania period. These st rata vary fro m hard massive 
sandstone to red shale s and have minor limes tone inter
beds. The overburden cont;iins s urface debFis from 
mining operations, as well as foundati•ms and other con
struction materials Crom demolished houses in the 
area. 

A cr oss section at t he center of the landslide area, 
including soil t~'J)es and groundwater ele \•ations, is 
shown in Fi:;ure 1. The section also shows the locations 
of the highway at the bottom, the root-pile wall near the 
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Water 
Table 

Secondary Side 

l 

328' 

middle, and the city street (Highland A venue) near the 
top of the failed slope. 

Figure 2 is an oblique aerial photograph taken soon 
after the failure and shows the general site conditions, 
the scarps, the acid mine-drainage channel, the loca
tion of a water pipe, and the location of the root-pile 
wall. The over burden soils (fill and colluvium) con
sisted of silty clays and clayey silts (AASHO A-6 and A-
7) intermixed with rock fragments, cinders, and build
ing materials. 

The groundwater elevation varied from near the sur
face to about 3 m (10 ft) below the surface. Extremely 
wet conditions prevailed for most of the year, particu
larly around the acid mine-drainage channel. 

SLOPE STABILITY 

Slope stability analyses were performed by using a 
generalized soil profile and groundwater near the sur
face. The top and bottom scarps and the rock line were 
used as part of the assumed failure surface (Figure 1 ). 
Several slope-stability-analysis trials were made by 
using the Morgenstern- Price method and varying the 
effective angle of i~ternal friction with each trial until a 
factor of safety nearly equal to 1.0 was obtained. The 
most-probable values of soil strength parameters ob
tained by using this method were c = 4,79 kPa (100 
lbf/ ft2 ) and o = 17°. The maxi mum mass density (y) 
[2146 kg/m3 (134 lb/ ft3

) ] was obtained b}' llSing the 
Proctor compaction test. 

DESIGN 

The design of a root-pile structure involves (a) selec
tion of the location; (b) selection of the size; (c) selec
tion of the pile arrangement-including spacing, inclina
tion, length, and size of the individual piles ; (d) check
ing the loads and stresses on the individual piles; and 
(e) checking probable movements of the structure. The 
method used for the pile arrangement at present (1979) 
is mostly derived from experience and is patented by the 
Fondedile Corporation (3, 4 ). The effective soil param
ete r s used in the design-ofthe root-pile wall were those 
cited above. 

The resllltant earth pressure (p ) can be calculated 
by using Equation 1 and Figure 3. 

( l l 
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Figure 3. Design of root-pile wall. Reinforced concrete 
capping beam ( TYP. ) 
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c Vertical 
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Each pi Jes length 
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to inclination. 
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where h =height and Ka = coefficient of active earth 
force. 

By asswning no effect of cohesion, P = (1/2) >< 2146 
>< 6.092 x 0.757 = 295 kN ( 66 400 lbC (66.4 kips)). 

If the resultant direction is assumed to be at an angle of 
17° to the horizontal, then p. = P sin 17° = 86.4 kN 
[ 19 400 lb! (19.4 kips )) and p ,. = P cos 17° = 282.6 kN 
(63 500lbf (63.5kips)). 

The weight within the root-pile structure (W1) is calcu
lated by using Equation 2. 

w. = -yh[fb1 + b,)/2] (2) 

where bi = width of cap beam and In = width of root-pile 
structure at bedrock. 

Thus, W1 = 2146 )( 6.09 )( [(1.82 + 3.96)/2) = 37 778 kg 
(83 112 lb) = 370.5 kN [83 300 lbf (83.3 kips)]. 

The weight or the soil wedge (W2) is calculated by using 
Equation 3. 

(3) 

Thus, W2 = 2146 x 6.09 x [(3.96 - 1.82)/2] = 13 987 kg 
(30 771lb)=137.2 kN [30 820 lbf (30.82 kips)]. 

The total \"ertical force (V) is given by Equation 4. 

Thus, V = 86.4 + 370.5 + 137.2 = 594 kN [133 500 lbf 
(133.5 kips)]. 

(4) 

The distance of the resultant (d) from "0" (Figure 3) 
is then [ (370.5 x 1.98) + (137.2 x 3.25) + (86.4 x 3.96) 
- (282.6 x 2.02)] + (370.5 + 137.2 + 86.4) = 1.60 m 
(5.24 ft) 

and the eccentricity (e) is (3.96/2) - 1.60 = 0.38 m 
(1.25 ft). 

At the base, where bedrock elevation is 6.09 m below the 
surface, the horizontal distances of the centers of the 
various root piles from the central (verUcal) pile (i.e., 
pile C) are 0.27, 0.76, 1.16, 1.72, and 1.98 m (0.90, 2.50, 
3.80, 5.65, and 6.50 ft). The corresponding numbers of 
piles per unit length of wall are obtained by considering 
a typical unit o! root-pile wall (which repeats along the 
length o[ the entire structure) and dividing the total 
number of piles at the given distance Crom the center 
of the typical unit by the length of the typical unit (see 
Figure 4a ) and are 0.23, 0.98, 1.21, 0.49, and 0.49 / m 
(0.07, 0.30, 0.37, 0.15, and 0.15/ ft ), respectivel~r . 

The area moment of inertia (I) is 2[ (0.23 x 0.27i) + (0.98 
x 0.762)+ (1.21 )( 1.161

) .. (0.49 x 1.721 )+ (0.49)(1.98l)] 
= 11.16 m• (26.8 x 106 in•}. 

The total area of the root piles (A) is 2(0.23 + 0.98 + 1.21 
+ 0.49 + 0.49 ) = 6.80 m2 (73.2 rt' ). 

-.. 
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Figure 4. Cap beam: 
(o) 

E 

I 
u 

(al pile locations and ~ I' I' 

(bl reinforcement details. "' 7" / 
tJ I / 

I / 

l<. 

Sec le U!4 ,. 
/ I 

I 
I 

f\\jl-r ~~ 0 

"'~, 

~~,I ' 

,i+ :+o I 

0 
I t 

~ E 

I i + i iD u 
al "": 
..... 0 "' N 

: I -%, : 
~ 

"' i ~ • 0 ' ' 
io ~ 

~ 
/ 

/ 0 '3 • N 
.,; 
..... . 9lm 

Figure 5. Form work for cap beam. 
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The pile loads are P m,. = (594 .0/ 6.80) (594. 0 ic 0.38)/ 
11.16"' 107.6 kN ( 24 180 lbf (24.18 kips )i and Pmiu 
= (594.0/ 6.80 ) - (594.0 )( 0.38 )/ 11.16 = 67.12 kN 
C15 090 lbf (15.09 kips )j and thus are within the al
lowable limits for the piles used. 

For a 12._7-cm (5-in) diameter pile reinforced with a 
no. 9 bar, the allowable shear in concrete i s 690 kPa 
ic 126.64 cmi = 8.74 kN : 1960 lbf (1.96 kips)), 

the allowable shear in stee l is 110 316 kPa x 5.09 cm2 

= 56.22 kN ( 12 630 lbf {12.63 kips)], and 
the total allowable shear is 8.74 + 56.22 = 64.96 kl'< 
~14 600 lbf (1 4.60 kips ):. 

As the average m1mber of piles over the length is 
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Figure 6. Drilling of holes through cap beam and 
preparation for grouting. 
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6.82/m (2.08/ ft ), the average shear resistance is 
443 kN/ m C13 500 lbf / ft (13.5 kips/ ml:. 

Therefore, the factor of safety against shear is 
shear resistance from structure + total horizontal 
force on structure = 443/282.6 = 1.56. 

CONSTRUCTION 

The construction of the root-pile wall was beg~n rn 
December 1978. The cap beam was constructed in two 
30.5-m (100-ft) sections (see Figure 4b). Figure 5 
shows the form work for the cap beam. After the co:n-
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pletion or the cap beam, construction was suspended 
during January and February 1979. There were move
ments or up to 46 cm (18 ln) in the cap beam during 
this period. The holes for the vertica l piles along the 
center line of the cap beam were dr illed firs t, and then 

Figure 7. Drilling operation. 

Figure 8. Mixing of grout . 

Figure 10. Soil movement during excavat ion downslope 
from root-pile wall. 

17 

the inclined holes were drilled. Most of the vertical 
holes were grouted before inclined holes were drilled. 
Figures 6 and 7 show the drilling operation, and Figures 
8 and 9 show the mixing and grouti ng operations . The 
const ruction of the root pile was completed in Apr il 
1979. 

Immediately after the holes were drilled through the 
cap beam, they were cleaned by using air pressure and 
a no. 9 reinforcing steel rod was placed in the drill hole. 
The grout was then poured into t he hole until it was 
completely filled. No external pressure was applied to 
the grout during the grouting operation. 

The grout mix consisted of 1 bag of cement, 22. 7 L 
(6 gal) of water, and 0. 071 m3 (2.5 ft3) of s a nd. 

During the excavation for the northbound.la nes down
slope Crom the wall, the slope between the wall and the 
northbound lanes failed . This failure occurred d uring 
the second week of April 1979. Figures 10-13 show the 

Figure 11 . Additional mo~e ment that broke slope 
inclinometer pipes below wal l. 

Figure 12. Broken root piles. 

Figure 13. Testing of piles for soundness. 
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Figure 14. Slide conditions near large water pipe and 
removal of failed soil. 

Figure 15. Root-pile wall after removal of downslope 
failed soil. 

Figure 16. Completic:m of downslope soil removal. 

"\ 

failed slope, as well as the condition of the root piles 
· -: after the slope failure. 

It was then deicided to remove the entire failed slope 
in front of the root-pile wall and reconstruct the slope 
at a gradie nt of Z. 5 horizontal to 1 ve rtical, us ing a well
compacted fi ll a md a 1-m (3- ft) thick layer of granular 
material against t he root - pile wall. 

The drainage ditc hes were dug at right angles to the 
wall to drain a s f;gnHi cant amount of the wate r that had 
ponded at the bottom of the exposed part of the wall and 
to serve as a permanent draina!1:e syslem. Figures 14-
17 s how the general cond itions after removal of the 
soil within the fa'iled slope. Figure 18 shows the drain
a~e ditch filled \with stone. 
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Figure 17. General view before reconstruction . 

Figure 18. Installation of drainage ditch. 

Figure 19. Beginning of reconstruction. 

The reconstruction work, particularly the compac
tion near the root-pile wall, had to be done with special 
care so as not to damage the piles. Figures 19-22 show 
the conditions during reconstruction in front of the wall. 

The reconstruction work was completed in July 1979. 

PERFORMANCE 

The horizontal and vertical movements of the cap beam 
were monitored by taking survey readings at nine dif
ferent points. These readings indicated that, before 
the installation of the root piles, the movements at the 
south end were about 46 cm (18 in) and those at the 
north end were less tha'n 2.5 cm (1 in ). The cap-beam 
movements ceased, however, after the installation of 
the root piles. 

A total of eight slope inclinometers were installed
four on the downslope side and four on the upslope side 

l 
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Figure 20. Placement of granular material against root· 
pile wall. 

Figure 21. Placement of fill next to root piles. 
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of the cap beam. The slope inclinometers on the down
slope side (nos. 2, 4, 6, and 8) were sheared off durl~ 
the slope failure of April 1979. The horizontal mo\'e
ments recorded Crom slope inclinometers nos. 1, 3, 5, 
and 7 are shown in Figure 23. 

SUMMARY 

The root-pile wall at Monessen pro\lided a positive solu
tion to the landslide problem. The method was rapid, 
requiring about eight weeks of actual constr1,1ction time, 
although the total elapsed time was about four months, 
due to bad weather and othe r circwnstances. The 
construction required practically no remo\•al Of existing 
soils _or structur.es . The drilling and grout1ng could be 
done even in wet site conditions. 

The original design or 7.6 m (25 ft) for the average 
length of root pile had to be changed to 8.8 m (29 ft) be
cause the depth to sound bedrock was greater than had 
been anticipated. This delayed the completion of the 

Figure 22. Reconstructed fill in front of root-pile wall. 

Figure 23. Relationship between depth and deflection: (al slope indicator 1, (bl slope indicator 3, (cl slope 
indicator 5, and (dl slope indicator 7. 
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Figure 23. Continued. 
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construction and increased the total cost but had little 
or no effect on the des ign. The·re wa s a time delay of 
about 12 weeks between the casting of the cap beam and 
the ins tallation or the first series or root piles . The 
movements of the cap beam could have been a voided by 
installlng the root piles soon after the cap beam was 
constructed. The internal design of the root-pile struc
tures is not well unde rstood and is primarily based on 
e"'-perience. The arrangement of root piles (e.g., the 
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number, size, spacing, and inclination) is based on 
empirical methods . The root-pile arrangement is 
patented and no rational method is generally available. 
Therefore, the actqal design factor of safety cannot 
easily be determined. 

The external stability of the root-pile wall is analyzed 
by using classical methods for gravity-wall analysis. 
This is simplistic because it does not consider soil-
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structure interaction aspects but appears, however, to 
be conse n 1ati ve. 

The performance of the structure at Monessen pro
vided a valuable test case for the adequaC}' o[ the cur
rent design practice because the structure supported 
the slope above it despite the unexpected slope !allure 
below. 

CONCLUSIONS AND RECOMMENDATIONS 

Based on the experience with and the available structure
movement data from this project, the following conclu
sions are made: 

1. The root-pile structure pro\•ides a fast and eco
nomical alternative to many conventional structures. 

2. Before the installation or the root piles, the 
movements or the cap beam \•aried from less than 2.5 
cm at the north end to more than 46 cm at the south 
end. These movements were due to movements of 
unstable soil in the slide area. 

3. After the installation or the root piles, there were 
signiCicant movements Lup to 5 cm (2 in)) in the cap beam 
as well as in the soil below it. This indicates that some 
movement of the root-pile structure was needed before 
resistance to earth pressure could be mobilized. 

4. o significant soil movement through the root piles 
could be detected ; Le., the small-diameter piles and the 
soil between them appeared to work as a single composite 
structure. 

5. The construction of the root-pile wall was rapid 
and caused little or no disturbance to the existing ter
rain. 

6. Conventional design procedures for retaining 
walls appear to provide overall design for root-pile 
walls. The geome_try of the root-pile structure des
cribed in this paper is patented and may not be the opti
mum design for all situations. Therefore, the design 
procedure for the geometry and size or the individual 
piles within the root-pile structure should be investigated 
further. A ratJonal method, one that considers soil-
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structure Interaction, should be developed for the design 
of root-pile structures and verified by using actual field 
measurements or prototype construction. 

7. There should be more test cases of root-pHe 
construction; the inst:·umentat!on should be adequate 
to measure loads and movements so that the design 
methods can be evaluated. 
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Analysis of an Earth-Reinforcing 
System for Deep Excavation 
S. Bang, C. K. Shen, and ' K. M. Ramstad 

A limit ·analysis procedure for a reinforced lateral earth support system 
is described. The system is composed of a wire-mesh-reinforced shot· 
crete panel facing, an erray of reinforced anchors grouted into the soil 
mus. and rows of reinforcing ban that form horizontal wales at each 
anchor level. Excavation stans from the ground level and, after each 
layer, reinforcement is applied immediately on the exposed surface 
and Into the native soil . This system thus forms a temporary earth 
support that has the advantages of requiring no pile driving. not 
loosening or sloughing the soil, and provid ing an obstruction-free 
site for foundation work.. It has been successfully used for large 
areas of excavation to depths of up to 18 min various ground condi· 
tions. However, in the past, no rat ional and proven analytical design 
procedurt! was available, a problem that resulted in considerable 
reservation toward the use of the system among engineers and con· 
tractors. The two-d imensional plane-strain limit -analysis formulation 
Includes considerat ion of design parameters such as soils type, depth 
of excavation, length of the reinforcing membe~ . inclination, and spac· 

Ing. The analysis procedure can be used to evaluate the overall stability 
of the system and to determine the proper size, spacings, and length of 
the re inforcement for a given site condition. 

In recent years, underground construction has been 
widely used as a logical part or the solution to many 
urban and city problems. Sewer and water conduits and 
other utility lines are usually installed underground in 
large cities, and vehicular tunnels and underground s ta
tions can decrease both intracity and intercity traffic 
congestion and thus improve both air quality and traffic 
safety. Even more important is that increased under
ground building construction is a desirable alternative 
that saves energy. To meet the challenge of increasing 
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demand , it is imperative that effective, economical, and 
safe underground excavation technology be developed. 

This paper describes a Umit-analrsls procedure for 
a relatively new, reinforced lateral earth support sys
tem for deep excavation. This system has been used in 
Vancouver, British Columbia, in Edmonton, Alberta, 
and more recently in Portland, Oregon (1), to depths up 
to 18 m. Varying ground conditions have been en
countered, including sandy and clayey Cills, glacial 
tills, sandy and silty alluvial deposits, and very soft 
weathered rocks. The advantages of this system over 
those of conventional, temporary lateral earth support 
systems have been reported elsewhere (2 , 3). Although 
the cost of construction is comparable to tnat of conven
tional systems, the time required to complete an excava
tion job can be decreased by 30-50 percent if the new 
system is used . 

Briefly, the system is composed of a 0.1-m-thick, 
wire-mesh-reinforced shotcrete panel facing; an array 
of reinforcing members spaced 0.9-1.8 m apart and 
grouted into the soil mass; and rows of four no. 4 re
inforcing bars forming l1orizontal wales at each anchor 
level (see Figure 1). Excavation starts at the ground 
level and, after each layer, reinforcement is applied 
bnmediately on the exposed surface and into the native 
soil. The system offers an unusual way to form a tem
porary earth support and has the advantages of requiring 
no pile driving, not loosening or sloughing the soil, and 
providing an obstruction-free site for foundation work. 

BACKGROUND 

Designs for and analyses of this system have usually 
asswned the classical Rankine's active failure wedge, 
and the spacing and length of the reinforcing members 
have been determined by using a procedure similar to 
the conventional tied-back anchor system design. How
ever, there are some fundamental behavioral differences 
between the nature of this system and that of other lat
eral earth support systems. Com·entional systems are 
designed to retain the soil adjacent to a ,·ertical cut, 

Figure 1. Typical cross section. 
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whereas this system is based on strengthening the ad
jacent native soil so that the system .itself can withstand 
a vertical cut to a depth that normally requires the in
stallation of lateral support. F\Jrthermore, the strength
ened soil mass develops its strength through a network 
of closely spaced reinforcing members that are grou ted 
into the soil. This system can be viewed as a reinforced
earth retaining wall having adequate strength and sta
bility to contain the movement of soil masses both within 
and behind it. 

A simple design method for reinforced-earth walls 
has been suggested by Lee and others (4) based on the 
assumption that the classical Rankine's-plane failure 
surface passes through the toe of the wall facing at an 
angle of [45 + (0/ 2) )0 to the horizontal. A similar as
sumption is made in the method proposed by Holm and 
Bergdahl (5), which takes into consideration a failure 
plane having different inclinations and points of inter
section with the wall facing. 

Although the classical plane failure-surface assump
tion simplifies the analysis procedure , it ts highly un
likely that the failure surface of an adequately designed 
reinforced-earth wall would give a triangular failure 
wedge. Laboratory-model tests of reinforced-earth 
walls (6, 7) have indicated that their failure surfaces are 
curved-and cannot be effectively represented by the con
ventional plane failure-surface assumption. 

Ramstad and others (8) approached the design of a 
reinforced-earth wall by-hypothesizing that the failure 
surface will consist of two planes having a transition at 
the back edge of the reinforcing strips when it extends 
beyond the reinforced-earth zone or will be a plane 
through the toe of the wall when it lies entirely within 
the reinforced zone. 

A similar approach has been used by Smith and Wroth 
(7). Their hypothesized failure surface is the same as 
tnat suggested by Romstad and others. They as sume that 
the resultant of the earth pressure developed between the 
reinforced and the unreinforced soil blocks forms an 
angle ¢ to the horizontal. The overall stability of the 
wail is then evaluated by comparing the strip force cal
culated from the force equilibrium of the reinforced 
block with the total frictional force calculated from the 
overburden and the effective strip legnth beyond the as -
sumed failure surface. The disadvantage of this ap
proach is that the factor of safety calculated for a stable 
reinforced-earth wall is highly unconservative because 
full friction is assumed to be developed at a ll times. 
Therefore, the results are valid only when the wall is 
on the verge of failure. 

LIMIT ANALYSIS AT EQUILIBRIUM 

To date, there have been no prototype failure studies of 
thls new lateral earth support system. Other indirect 
methods, therefore, must be used to approximate the 
failure mechanism. As shown in Figure 2, contours of 
factors of safety can be obtained by a finite-element 
analysis or the system (g) and, thus, a potent ial fai lure 
surface can be approximated; this potential failure sur
face passes more or less through the toe of the wall to 
form a curved surface. As discussed above, most of 
the proposed design methods for reinforced earth walls 
(7, 8) approximate this curved failure surface by two 
planes that have an abrupt change of direction at the 
back of the I'einforced zone. In this analysis, ho we\ er, 
it is assumed that the- failure surface is more appropri
ately represented by a parabolic curve passing through 
the toe of the wan. The parabola can intersect the 
ground surface at any point by changing the value of "a", 
as shown in Figui·e 3. The potential failure surface is 
then the parabola that has the lowest oyerall factor of 
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Figure 2. Factor-of·safetv contours determined bv 
finite-element analvsis. 
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Figure 3. Postulated failure 
surface: general case. 

Figure 4. Postulated failure 
surface: (a) case 1 (a ;. &rl 
and (b) case 2 (a <8f). 
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safety. Two cases must be considered separately: 
cas e 1 in which the failure surface extends beyond the· 
re inforced zone and case 2 in which the failure surface 
lies entirely wit hin the reinforced soil n1ass (see Fig
ure 4). 

Figure 5. Free-bodv diagram. 
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Figure 5 shows the free-body diagrams of the reinforced 
soil block (element 1) and the unreinforced soil block 
(element 2). The directions of the tangential forces 
acting along the bottom of each element, S2 and Ss, are 
assumed to be parallel to the corresponding chords, i.e., 

a3 =tan·' ( L1.'L cos 0) 

o:, = tan·1 (H - L1)/(aH - L cos 6) 

where 

L1 =YI = L2cos211 /a 2H 
x = l cos6 

The equilibrium equations of element 1 are thus 

where 

I Lco16 

W1 = HL-ycosll-
0 

(x2/a 2H)-ydx 

Si= ~Ni (i.e., 
~=ratio of S1 to Nil, 

N1 = 1/zKy(H - Li)~ 
a = unit weight of soil, and 
K =stress (cr) ratio= ab/crv. 

The equilibrium of element 2 is expressed by 

where 

f
aH 

W2 =-y [ H(aH- Li:osll)- (x'/a 2 Hldx] 
LcostJ 

(I a) 

11 b) 

('.!) 

(3) 

(4) 

(5) 

(6) 

(7) 

(8) 

Therefore, the total driving force (S0 ) along the as
sumed failure surface is 

S0 = S, + 53= 1W 1 - S1Jsino. 3 + rw, + S1 )sino:5 

+ N1 lcoso:3 - cosa,l 1,9) 

The total resisting force (s,) along the failure surface 
can be expressed as 

(10) 
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where 

C' = developed cohesion, 
¢~ =developed friction angle for element 1, 
¢a =developed friction angle for element 2, 
Na= N2 + T., 
T~ =normal component of the resultant of the axial 

force in the reinforcing members 
= l:T 1 cos(90 - 0i3 - al, 

Tr =tangential component of the resultant of the 
axial force in the reinforcing members 

= l:T1sin(90 - 0!3 - a), 
l:T 1 = resultant of the axial force in the reinforcing 

members behind the assumed failure surface 
(this calculation is described below), and 

L2 =length of the entire failure arc, i.e., 

Li =[Iii (I + (dy/dx) 2 ] v.dx 

= (H/2) (al + 4) 11 (a2H/4) ~n / [ 2 + (a2 + 4)] /a11 / (I I) 

The coefficient (3, the ratio between the normal force and 
the tangential force at the interface of element 1 and 
element 2, can then be obtained from the equilibrium of 
element 2. The driving force in element 2 is S3, and the 
resisting force can be obtained by using Coulomb's equa
tion. 

(12) 

where L; =length along the failure arc of element 2, i.e., 

Li =j'H I I + (d•/ldx) 2 ] 11dx 
L cos fJ 

= (Hi2l (a 2 + 4)11 -(Lcos0/2a 2H) (a4H2 + 4LlcoslO)v. -

+ (a2 H/4) Qn I (2aH + aH (al + 4) 11 ]/[2L oos8 +_(~4H2 

+4Llcos20)11 JI (13) 

Therefore 

'1-= 2[C'Li + W2 (cosa5 tan¢' - sina5) + N1 (cosa5 +sin a 5 tan 4>')] 

(14) 

Because S1 cannot be greater than N1tan t-', 8 must be 
less than tan <6', (Le., if 8 < tan¢', 8 = B and if 8 ;i: tan¢', 
IJ=tan~?. 

Case 2: a< a, 

A similar expression can be derived for the case in 
Which the failure surface lies entirely within the rei~
forced soil mass, i.e., when a< a1 • For_ this case, 

aJ = tan-1 ( Li/x) -

a 5 = tan-1 [x tan 4>/(aH - x) I 

(I Sa) 

(I 5b) 

The total driving force and the total resisting force de
veloped along the assumed failure surface are expressed 
in the same manner as for the case in which a 2 a,. The 
equilibrium equation of element 2 is again used to obtain 
the ratio (a) between the normal and tangential forces at 
the interface of element 1 and element 2. 

13 = ~[C'L2 + Wl (cos a, tan 4>' - sina 5) + N1 (cosa5 +sin a
5 

tan 4>')] 

-;- K 1' ( x tan 0 ll (sin°'' - cos a 5 tan .p ' ) (16) 
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where 

J
aH 

Li= [l+(dy/dx)l] 11dx . 
+ (a2H/4) Qn I [2aH + aH (a2 + 4) 11 ] /[2x + (a4 Hl + 4x2) 11 ) I (I 7J 

W1 = H(aH -· x)'y 1•H (xl/a2H)1'dx 

= r[(2aHl/3) + (x3/2a 2H) - Hx) 

N1 = (Kr/2) (x tan 0)2 

Calculation of Resultant Force in 
Reinforcing Members 

( 18) 

(19) 

The resultant force of the reinforcing members, tT11 is 
the sum of the forces of the individual members. Each 
force is obtained by calculating the frictional resistance 
of the portion of the member (its effective length) behind 
the assumed failure surface. The frictional resistance 
is the shear stress developed between the reinforcing 
member and the surrounding soil, i.e., 

(20>, 

where 

.t,. =effective length of the reinforcing member, 
r., = shear stress =a.tan¢', 

tan¢'= developed frictional coefficient, 
a, =normal stress, 
S" =horizontal spacing of reinforcement, 
C' =developed cohesion = C/FS, and 

FS = overall factor of safety. 

This frictional resistance of each reinforcing member 
must be smaller than the yield strength of the member; 
i.e., 

(21) 

where A, = cross-sectional area of reinforcement and 
f 1 =yield stress of reinforcement. From the theory of 
elasticity, 

a0 = a,sin1 8 + a,cos20 + rxysin 28 

and 

Tno = -r,,cos 20 + (1/2) (a, - a.)sin ~Ii =a~ tan rp' 

Therefore, 

r,, =(l/cos21J)[(l/2)(a,-a.)sin21J-a0 tan4>') 

and 

a0 = a,sin 20 + a,coslO +tan 20 ((1/2) (a, -a,)sin 20 

- 0 0 tan 4>') = (o,cos21i - o,sinllJ)/(cos 20 

+sin 20 tan 4>') 

where 

11, = ,,zu 
a, =Ka,, and 
Z1 = Z1 + (L cos e - x) (tan a/2) 

(22a) 

(22b) 

(23) 

(24) 

= distance from the ground surface to the center 
of the effective length (see Figure 6). • 
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Figure 6. Calculation of effect ive 
length of reinforcing members. T T 
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Figure 7. Typlcal results of limit analysis. 
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DEPTH OF EXCAVATION ( m) 

Because the reinforcing members are installed after 
the excavation, the lower-most member is not con
sidered when the deptii of excavation (H) is an exact 
multiple of the vertical spacing (S,) of the reinforcement. 
Ii the depth of excavation is not an exact multiple of the 
vertical spacing, the number of reinforcing members is 
assumed to be the integer portion of the H/S. ratio. 

EVALUATION OF OVERALL STABILITY 

The overall stability of the excavation system can be 
evaluated in terms of Equations 9 and 10. At any stage, 
the driving force and the resisting force developed along 
the assumed failure surface must be in equilibrium, Le., 

So= SF (~5) 

The overall factor of safety (FS) is the factor of safety 
when 

FSc = FS~ = FS (26) 

where 

FSc =factor of safety with respect to cohesion and 
FS0 =factor of safety with respect to friction. 
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The factor of safety with respect to cohesion (or with 
respect to friction) is the ratio between the available 
cohesion (friction) and the developed c;ohesion <rriction), 
i.e., C' = C/FS and tan¢'= tan (e/FS) (if ¢) = ¢2) . Be
cause these equations are tedious and because both the 
driving-force and the resisting-force expr~ssions con
tain a ,·ariable FS term, direct solution is not possible. 
Therefore, an iterative method was used to calculate the 
overall factor of safety. The iteration begins by assum
ing _that FS: = FS0 = L/ H and then calculates S0 and S •. 

A computer program was developed to calculate this 
overall factor of safety. For a given set of geometric 
and strength parameters, this program calculates the 
minimum factor of safety by searching a series of poten
Hal failure surfaces passing through the toe of the wall. 
A tJI>ical result of this limit equili.briwn analysis for a 
soil having C = 51. 7 kPa and ¢ = 27° ls shown in Figure 7. 
The spacings and diameter of the reinforcing members 
are l.5xl.5 m and 0.13 m, respectively. The angle of 
inclination is 20< to the horizontal. The effect of the 
length of the reinforcing members on the overall sta
bility is shown by the steepness of the curves; the 
shorter the members, the steeper the curve. For a 
given depth of excavation, the increase in the factor of 
safety with increasing reinforcing length is greater when 
the members are relatively short. For instance, at an 
excavation depth of 9.0 m, the overall factor of safety 
increases by 0.35 when the length of the reinforcement 
increases from 3 to 4.5 m but by only 0.1 when the length 
of reinforcement increases from 4.5 to 6.0 m. This fig
utt can be used as a stability design chart for calcula
tion of the necessary length of the reinforcing members 
for a given 'depth of excavation. It can also be used as 
a stability analysis chart for estimation of the overall 
factor of safety of an existing system. Similar charts 
for different geometries of reinforcement and/or dif
ferent types of soil can be developed. 

DISCUSSION AND CONCLUSION 

The currenfly available limit-analysis methods (7, 8) for 
reinforced-earth walls are based on a failure surl'ace 
consisting of two planes having abrupt changes at the 
back of the reinforced zone. Because a real failure sur
face is more likely to be a continuous surface, this 
analysis uses a parabolic curve to represent the failure 
surface. The potential failure surfaces predicted by the 
finite-element analysis and by the limit analysis are 
compared in Figure 8. The agreement between these 
two predicted curves is excellent. 

Recently, the failure of this system (10) was studied 
by means of centrifuge model tests, Soil displacements 
were measured in the model, and maximum shear strain 
contours were plotted as shown in Figure 9, in which the 
shaded area indicates the potential failure zone. A limit 
analysis was also performed for this model, and the 
shape or the parabolic curve having a factor of safety 
of 1.0 was computed and plotted on the same figure . That 
this curve in large portion lies within the potential fail
ure zone strongly supports the validity of the limit
analysis formulation. 

The res ults of the limit analysis were also compared, 
for a particular example, with lhe works of Lee and 
others (4) and Ramstad and others (8) (which hypot'hesize 
single- and double-pla·ne failure sur1aces, respectively). 
The properties of the example used and the critical 
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Figure B. Comparison 
of predicted potential 
failure surfaces. 

Figure 9. Maximum 
shear strain contour 
of centrifuge model 
at failure. 
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LIMIT ANALYSIS 

heights of the wall calculated by each method are sum
marized bel.ow: 

Property 

Cohesion (kPal 
Friction (°) 
Unit weight of soil (kN/m 3 ) 

Diameter of reinforcing bars (cm) 
Surface area of reinforcing bars (m 2/m) 
Spacing of reinforcing bars (cm x cm) 

Critical Height (m) 

Value 

0 
36 
1.96 
2.5 
0.13 
60 x 60 

Failure Surface 

Single plane 
Double plane 
Parabolic 

L=9m L=10.5m 

12.3 
18.6 
15.0 

15.3 
19.8 
16.5 

The method proposed by Lee and others predicts the 
lowest values because it does not consider the develop·· 
ment of frictional resistance along the hypothesized fail
ure surface~ The double-plane failure-surface assump
tion predicts the highest critical heights because of the 
formation of the acute angle near the toe of the wall. The 

·. parabolic failure-surface assumption predicts interme
diate values (see Figure 10). The differences between 
the critical heights predicted by either the single- or the 
double-plane failure-surface assumptions and those pre
dicted by the parabolic failure-surface assumption are 
approximately 10-2 5 percent. The less the amount of 
reinforcement, the larger the difference. 

Thus, the proposed limit-analysis method provides 
a rigo rous treatment for the des ign of a reinforced 
lateral earth support system for deep excavation. 
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Figure 10. Comparison 
of predicted failure 
heights and surfaces. 
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Design and Construction of Fabric
Reinforced Embankment Test Section 
at Pinto Pass, Mobile, Alabama 
T, Allan Haliburton, Jack Fowler, and J. Patrick Langan 

A 244-m (800·ft) long sand embankment test section was successfully 
constructed on a very soft foundation at Mobile, Alabama, to verify the 
concept that a geotechnical fabric can be used as tensile reinforcement 
and to gain the experience needed to construct an additional 1280 m 
·(4200 ft) of embankment. Based on expected behavior. criteria for 
fabric selection and special construction sequences were developed. In
strumentation was installed in the test section to evaluate embankment, 
fabric, and fou.ndation behavior. Construction was accomplished by low· 
ground-pres.sure dozers. Conventional dump trucks were used to haul 
the embankment fill . Several different fabric-placement schemes were 
evaluated, The embankment was constructed to design elevat ion without 
failure and, despite foundation pore-pressure levels that exceeded the 
height of the embankment, the bearing displacements and consolidation 
settlements were relatively small. The concept was found to be a tech· 
nically fea;ible, operationally practical, and cost-effective method for 
rapid construction of embankments at locations where an unreinforced 
embankment would fail. 

In a study concerning the use of Pinto Island, Mobile 
Harbor, Alabama, as a long-term confined disposal area 
to contain fine-grained maintenance dredging from the 
harbor (1), it was found that site feasibility was con
tingent on the ability to construct approximately 4 57 
linear m (5000 linear ft) of retaining embankment across 
both ends and along the south shore of Pinto Pass, a 
sedime.nted channel used in the Civil War period for ac
cess to the harbor. A highly variable alluvial soil pro
file existed along the proposed dike alignment, and ap
proximately 50 percent of the alignment was in the in
tertidal zone and had water depths of 0.2-0.5 m (0.5-1.5 
rt) under mean tidal [El. 0 m <mean sea level) ] conditions. 
Geotechnical exploration was limited by the generally 
sort surface conditions, which restricted equipment mo
bility, but the data obtained indicated that the foundation 
soils consisted of very soft, highly plastic clays and 
loose clayey fine sands and silts to a depth of approxi
mately 12 m (40 ft) below the ground surface, where 
dense clean sand was encountered. The unconsolidated, 
undrained shear strength of the cohesive materials was 
2.4-7 .2 kPa (50-150 lbf/ft 2

), and standard penetration 
test N-values were 0-5 along much of the alignment. 

A multipurpose embankment was required, first to 
El. ·2.4 m (8 ft) for initial. containment and then to act 
as a preload fill to increase the foundation strength for 
further periodic embankment rais ing to El. 7 .6 m (25 
ft) during the next 20 years. 

BASIS FOR USE OF FABRIC 
REINFORCEMENT 

Initial calculations indicated that an embankment could 
be constructed to approximately El. 0.9 m (3 ft) without 
bearing failure of the foundation. Conventional alterna
tives for constructing the embankment to El. 2 .4 m in
cluded preloading and staged construction, use of light
weight const ruction material, and end-dumping displace
ment. Nonengineering considerations dictated that the 
embankment be constructed in leE:s time than was esti
mated for the preloading and staged construction alter
nati\·e, and the use of lightweight construction material 
was not suitable because this would reduce the effective-

ness o1 the embankment as a preload fill for future rais
ing. End-dumping displacement is the procedure nor
mally used by the U.S. Army Engineer District, Mobile 
(MDO) to construct embankments on sort soil. Sufficient 
quantities of relatively clean fine sand were available at 
nearby locations for construction of a displacement sec
tion. However, based on previous experience with 
Mobile Harbor soil conditions, it was estimated that the 
volumetric ratio of below ground to above ground ma
terial required would be approximately three to one for 
displacement construction. Use of this quantity of fill 
material would be expensive, and the relatively large 
lateral displacements produced might have disturbed 
pipelines, utilit y lines, roadways, and a bridge located 
adjacent to the proposed embankment alignment. It was 
also d_oubtful that the quality control during the displace
ment operation would be sufficient for the construction 
of a satisfactory base section for future embankment 
raising. 

After the potentially applicable com·entional engineer
ing alternatives had been eliminated, it was proposed 
that a floating section be constructed by using geotechni
ral fabric (also called civil engineering fabric and filter 
cloth) as tensile reinforcement, placed transyerse to the 
dike alignment between the soft foundation and the em
banlanent material. The fabric reinforcement would 
hold the embanlcrnent together and prevent rotational 
foundation failures or lateral splitting until sufficient 
consolidation occurred In the soft foundation to support 
the embankment, i.e., the fabric would temporarily 
carry the difference between the embankment weight and 
the foundation bearing capacity. 

Analysis of the proposed embankment-raising se
quence by using consolidated, undrained shear test data 
for tile foundation indicated that, if the initial embank
ment to El. 2.4 m could be constructed without failure, 
the foundation strength would increase such that the next 
raise increment [that to El. 3.7 m (12 ft)J, could be 
placed without foundation failure and, once pore pres
sures from this raising dissipated, a second raising 
could be conducted, and so on. Fabric reinforcement 
would be needed only for initial construction, and long
term fabric durability was important. In addition to the 
higher probability of successful initial construction, the 
use of fabric reinforcement was postulated to result in 
a cost saving of 40-60 percent, because of the reduced 
volume of fill needed (1). 

Thus, MOO decided-to construct a 244-m (800-ft) 
long embankment test section along the proposed dike 
alignment, across the south end of Pinto Pass. This 
test section would verify the fabr ic -reinforcement con
cept and allow refinement of design and construction pro
cedures for the remaining 1280 m (4200 ft) of embank
ment. A relatively clean, poorly graded fine sand ~ 100 
percent passing the 2.00-mm (U.S. no. 10) sieYe, 83 
percent passing the 425-um (U .S. no. 40) sieve, and 2 
percent passing the 150-um (U.S. no. 100) sieve, uni
formity coefficient of 1.3 : a,·ailable nearby would be 
used as embanh"lnent fill. 
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DESIGN OF EMBANK1V1ENT TEST 
SECTION 

failure modes shown in Figure 1 indicated that the fabric 
must have a minimum uniaxial tens ile strength of 17. 5 
kN/ m (100 lbf/in) of width at not more than 10 percent 
elongation and a minimum ultimate strength of 39 kN/ m 
(225 lbf/in) of width . The 10 percent elongation crit er ion 
was selected to limit the average lateral spreading to 

The geometric configuration of the test section was con
trolled by the base section size needed to obtain stable 
side slopes for future raised sections, and consisted of 
an embankment with a 3.7-m-wide crest at El. 2.4 m :t:5 percent. Also, the coefficient of soil-fabric friction 

should be at least equal to the frlction angle (~ == 30") for 
the fill sand in a loose relatlve density condition. 

(8 ft) and 10:1 (horizontal:vertical) side slopes, resulting 
in a section 52.4 m (172 rt) wide at El. O. Potential 
failure modes for the embankment were investigated (2) 
and are shown conceptually in Figure 1. Analysis of ffie 

In addition to the fabric strength and frictional re-

Figure 1. Potential failure modes of fabric-re inforced embanllments: (al sliding wedge failure of embankment, (b) local bearing failure of soft 
foundation, le) excessive settlement before stable bearing condit ions can be achieved, and (d) insufficient fabric anchorage during embankment 
deformation. 

(o) 

FOUNDATION 

FOUNCATION 

Figure 2. Proposed construction 
sequence for embankment cross section. 

0 

o 

OUTWARD BLOCK SLIDING 
ALONG FABR IC LAYER 
W/ CREST SLUMPING 

LOCALIZED FOUNDATION FAILURE 
WITH ROTATIONAL SLIDING/ 
SLUMPING OF EMBANKMENT 

FOUNDATION 

! 
HEIGHT OF EMBANKMENT 
CAUSING BEARING PRES · 
SURES EQUAL TO 
FOUNDATION SEARi NG 
CAPACITY 

TENSILE STRESS IN 
FABRIC FROM INDUCED 
FABRIC STRAIN 

'-FABRIC ANCHORAGE 
(PULLOUT RES 1STANCE) 
GENERATED FROM WEIG11T 
OF MAT'L ON FABRIC AND 
COEFFICIENT OF SOIL 
FABRIC FR ICTION 

20 -40 60 BO 100 120 

HOJ!IZONTAL DISTANCE, FT 

10 20 30 

HORIZONTAL DISTANCE, M 

SEOUENCE OF CONSTf!UCTIQN 

© L.O.Y OEOTECHNICAL FABRIC IN CONTINUOUS 
TR.0.NSVERSE STRIPS. sew STRIPS TOGETHER. 

140 

-40 

@ ENO DUMP .O.CCESS ROADS AND LAP FABRIC OVER TOP. 

@ CONSTRUCT OUTSIDE SECTIONS TO ANCHOR 
.O.ND STRETCH F.O.BRIC. 

@ CONSTRUCT FIRST CENTER SECTIONS TO ANCHOR F.O.BRIC. 

@ CONSTRUCT SECOND CENTER SECTION. 

@ CONSTRUCT CENTER SECTION . 

160 180 

50 



Transportation Research Record 749 

quirements , a sequential construction scheme was de
veloped that placed balanced forces on the soft founda
tion and provided proper fabric anchorage along the toes 
of the embankment before the placement of fill along the 
centerline. The construction sequence is shown in Fig
ure 2, and the failure-mode analysis and construction 
details are described in detail elsewhere (2). 

Selection of Fabric Reinforcement 

Since few data were available concerning properties of 

Figure 3. Stress-strain data for geotechnical fabrics meeting 
desired tensile strength criter ia . 
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Table 1. Labor<rtory test data for the fabrics. 

Ullimate Design 
Tensile Tensile Soil-
Stress• Stress Fabric 
(kl\' m (kl' , m Friclion Creep 

Fabric of width) of width) An~le ' il Tendency 

Nicolon 664 75 63.4 158.0 30 Nil 
Kico\or. 66186 19.1 39.6 30 Nil 
Polylilter-X 18.0 54 . 5 30 Moderate 

Wet 
Strength 
Loss 

Nil 
Nil 
High 

. ,\<h·anre Type I 18, 9 44.1 30 High Moderate 

Note: 1~Nm ,. 0175 lbf 1n 
'At 10 percenl t . 
'In a fooi.e rel.olive 0t1ii.11v cond1r1on. Ml"l<f $:P,ricj lm:tion angle .., 30 ¥1d 5and·fabric friction 

.oi!"l91"5 = 29 -31 . i.c: ,. if'l.t•' f111ur~ o:c;urtfd 1n lhe wnd just above the iand·f11br1c i nlerface. 

Figure 4. Plan and profile of errbankment test 5ection, 
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geotechnical fabric for use as tensile reinforcement in 
embankment construction, test procedures were de
veloped and a test program was carried out on 27 com
mercially available geotechnical fabrics (3). Four !ab
rics-Nicolon 66475, Nicolon 66186, Polyfilter-X, and 
Advance (Laurel) Type 1-satisfied initial modulus and 
ultimate strength requirements. Tensile stress-strain 
data for the four fabrics are shown in Figure 3, and 
laboratory test data for them are summarized in Table 1. 

A plan and profile of the embankment test section, in
cluding fabric placement locations, ls shown in Figure 4. 

Construction Considerations 

The key to successful completion of soft-gF,ound engi
neering projects is the selection of appropriate con
struction equipment that will maintain mobility on soft 
soils . Based on previous U.S. Army Corps of Engineer 
research (4), small dozers [maximum 17-kPa (2 .5-lbf/ 
in2

) ground-pressure ) were selected for fill placement. 
Previous work in fabric-reinforced haul-road construc
tion on soft soils (5) has indicated that a double-fabric
layer reinforced haul road along the outer edges of an 
embankment can carry loaded 7.6-m 3 (10-yd3

) tandem
axle dump trucks. 

The most critical construction operations are those 
related to placement and sewing of fabric, as they are 
hand-labor intensive. In this project, the fabric [pro
vided in 5 .5- and 5-m (18- and 16.4-ft) wide strips : was 
to be placed on the soft foundation (with and without a 
working table), unrolled transyerse to the aligmn ent, 
and sewed to previously placed fabric. The newly placed 
fabric would then be covered by approximately 0.3 m of 
fill and the outside edges lapped back into the embank
ment and covered to provide a haul road for dump-truck 
delivery of fill. The types of eoulpment required for 
construction o! the test section and their estimated work 
quantity were computed (2); the estimated cost of test 
section construction, e_xc1uding fabric, was $119 000. 

Test Section Instrumentation 

To monitor behavior during construction and to a llow 
evaluation of test section performance, five settlement 
plates and eight Cassagrande piezometers were installed 
at each station in the embankment. The settlement plates 
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were installed on the fabric immediately after placement, 
and the piezometers were installed on the aligrunent 
centerline and at the outside third point (alternating left 
and right at each station) to depths of 1.5, 3, 6, and 9 m 
(5, 10, 20, and 30 ft) below the surface, as soon as dike 
construction had progressed to the point where a drill 
rig could maintain mobility. Settlement plate risers 
were used to measure vertical settlement and horizontal 
displacement during and after embankment construc-
tion (6), 

Figure 5. Covering outside edges of the fabric with sand fill. 

Figure 6. lapping fabric back into embankment. 

Figure 7. Unsatisfactory working table near channel. 
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Test Section Construction 

Construction of the test section began in November 1978. 
The initial construction sequence called for placement of 
the fabric on a 0.3-m-thick working table placed on exist
ing foundation and vegatation. Once the working table 
was placed, 5.5-m-wide strips of, first Advance Type 1 
and then Polyiilter-X, fabric were brought to the leading 
edge of the embankment, unrolled transverse to the dike 
aligrunent, sewed to the previous strip, and spread on 
the working table. The fabric was then covered with ap
proximately 0,3 m of sand (see Figure 5), and the out
side edge was lapped back and covered to anchor the 
fabric and provide a two-layer reinforced haul road 
along each side of the embankment (see Figure 6). It 
was necessary to accomplish these operations relatively 
quickly. If the working table was left in place overnight, 

Figure 8. Unrolling fabric on top of exining fabric strip. 

Figure 9. Sewing new fabric nrip to existing strip. 

Figure 10. Surface appearance of nrip on top of mud wave. 
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Figure 11. Appearance of strip after placement of sand fill. 

Figure 12. Gap caused by tensile failure of thread holding fabric strips 
together. 

excess pore pressures generated in the foundation would 
saturate the sand and cause quick conditions and re
strict dozer mobility. 

Placement of the working table went smoothfy until 
approximately 122 linear m (400 linear ft) of fabric had 
been laid along the alignment. Both the Advance Type 1 
and the Polyfilter-X fabrics were placed on a sand work
ing table. Howe\rer, as the leading edge of the embank
ment approached the Pinto Pass channel, no vegetative 
root mat was available and the dozers could not main
tain sufficient mobility to construct a satisfactory work
ing table (see Figure 7). At this point, one transverse 
strip of Nicolon 66475 fabric was placed on the last por
tion of the co.mpleted working table, and placement of the 
subsequent fabric across the channel was carried out by 
"working on the mud wave". As the dozers pushed sand 
cover onto a newly laid fabric strip, a shallow mud wave 
was created underneath the fabric and pushed out under 
its leading edge. This mud wa"e raised the fabric ap
proximately 0.5 m in elevation, i.e., above high tide 
level. Workmen then unrolled a transverse strip of 
fabric on top of the existing fabric, as shown in Figure 
8, sewed the two strips together, as shown in Figure 9, 
and pushed and shoved the new strip or fabric off toe 
leading edge of the existing fabric strip onto the top of 
the forward portion of the foundation mud wave. This 
operation left the surface of the fabric rather wrinkled 
and, as shown in Figure 10, footprints of laborers walk
ing on the fabric were also evident. However, once 
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Figure 13. Placing fabric directly on foundation. 

Figure 14. Aerial view of completed errbankment test section: looking 
east. 

dozer placement of sand cover on the fabric was reini
tiated, the forward-moving mud wave stretched the fab
ric and removed all wrinkles, as shown in Figure 11. A 
new fabric strip was then unrolled, and the process was 
repeated. During one of the early mud-wave
displacement fabric-stretching operations, the thread 
holding two adjacent pieces of fabric together failed in 
tension, causing the gap shown in Figure 12. This gap 
was covered with another strip of fabric and the fabric
sewing operations were modified to use 0.45-kN (100-lbf) 
test nylon thread, which gave a seam strength greater 
than the fabric strength. 

Once the stronger thread was placed in service, no 
further seam failures occurred and the operation pro
gressed across the channel. Two sections of Nicolon 
66186 were also placed by using the mud-wave
displacement technique. The mud wave subsided 
against the other bank of the channel, and the remain
ing sections of Nlcolon 66186 were laid directly on the 
foundation without using a working table, as shown in 
Figure 13, to evaluate the effect of this modU.ication on 
embankment behavior. 

Construction of the test section was completed in 
January 1979. An aerial view of the completed test sec
tion is shown in Figure 14, and a typical cross section 
is shown in Figure 15. [More detail concerning con
struction operations is available elsewhere (~).: 
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FigUf'e 15. Construction 
details. 
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FABRIC LAYER AT 
BASE OF EMBANKMENT 

Figura 16. Settlement DISTANCE IN METERS FROM CENTER LINE OF DIKE 
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STATION 

POSTCONSTRUCTION EVALUATION 
AND ASSESSME:NT 

The test section was finished to design width and grade 
without lateral splitting or rotational foundation bearing 
failure, despite foundation excess-pore-pressure levels 
of 4.3 m (14 ft) for the 2.4-m-high embankment. Compu
tations (6) indicated essentially zero effective stress 
conditions in the foundation materials. Foundation dis
placements produced by completion of the embankment 
to El. 2.4 m were less than 0.3 m throughout the align
ment. As of July 1979, vertical foundation consolidation 

_ was less than Q.3 m except at stations 5+00 and 6+00, in 
'the center of the Pinto Pass channel, where settlements 

of approximately 0.5 m had occurred, and pore pressures 
--~a;d dissipated to·15 percent or less of their maximum 

values. Settlement profiles at stations 5+00 and 6+00 
are shown in Figure 16. The settlements are approxi
mately hall the values predicted from consolidation 
theory. Examination of Figul'e 15 shows two other in
teresting details: The fabric elevation, when placed and 

" covered, was somewhat higher than the original ground 
·surface because of the mud-wave-displacement technique 

used for fabric stretching. As a result, the final fabric 
elevations after settlement are reasonably close to the 
original ground surface. Also, the foundation settle-

10 20 30 40 50 llO 

tASI 

ments are more nearly uniform than would be predicted 
from classical settlement theory. The less-than
expected and more nearly uniform settlements en
countered transverse to the alignment may have been 
caused by internal arching of the embankment material, 
which would tend to develop a more nearly uniform soil 
pressure on the foundation. 

Lateral embankment spreading was minimal at all 
locations except stations 5+00 and 6+00 in the Pinto Pass 
channel. At these locations, approximately 1.2 m (3.8 
ft) of lateral spreading occurred, concentrated within 
the center 27-m (9 0-ft) width of the em banh."lll ent. The 
outside portions of the embankment, located between the 
exterior and first interior settlement plates, moved 
laterally in essentially intact condition. This may have 
been ca.used by trucks using the space between the rows 
of settlement plates as a haul road. In the center 27-m
wide portion of the embankment, the elongation caused 
an average strain of 4 percent in the fabric. Comparison 
of this field-condition strain and the stress-strain be
havior of Nicolon 66475 fabric shown in Figure 3 indi
cates that a fabric tensile stress of approximately 14.6 
kN/ m (lOOO lbr/ftl of width was developed . This value 
is in relatively close agreement with the 16.8 kN/ m 
(1150·· lbf/ ft) of width theoretical lateral.acti\·e eartl1 
pressure at the embankment centerline. Thus, the fab-
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ric stress is somewhat less than that necessary to main
tain stability against rotational foundation bearing failure, 
and il may be tentatively concluded that, had the fabric 
not been present, the embankment would have failed by 
lateral splltting. 

The only significant fabric elongation measured was 
from lateral spreading. Total fabric elongation from 
bearing and consolidation settlement was considerably 
less than 0.5 percent. From a speculative viewpoint, 
the tendency for the embankment to fail by horizontal 
spreading, as hypothesized in Figure la, is counter
balanceq by the tendency for it to fail by excessive cen
terline displacement, as hypothesized in Figure le. 
Thus, the effects of the two conditipns on embankment 
deformation are in opposition, apd the net effect may 
have been to somewhat nullify each other and produce a 
relatively uniform settlement profile over the embank
ment cross section. 

After construction, the outside edges of the fabric 
were exposed by excaYation at several locations aoo this 
fabric was not found to be in a stressed condition. Thus, 
the hand-labor-intensive operation of lapping the outside 
edges of the fabric back into the embankment to provide 
additional anchorage was probably unnecessary. Ad
vantages exist for construction of a double-fabric-layer 
reinforced haul road along each outer edge of the em
bank'lllent, but this requirement could probably be satis
fied more efficiently by unrolling a second strip of fabric 
parallel with the alignment and covering this strip to 
provide required haul-road characteristics . (More de
tail concerning postconstruction evaluation of the test 
section is available elsewhere (E., ']_).] 

CONSTRUCTION COSTS 

The estimated cost for test-section construction, ex
clusive of fabric, was approximately $119 000, but the 
actual cost was only $108 000. Approximately 16 700 m 2 

(20 000 yd 2
) of fabric was used. Fabric bid prices should 

not be considered representative because of the relatively 
small quantities involved but were $1.46/m 2 ($1.22/yd2

) 

for Advance Type 1, $1.57/m 2 ($1.31/yd2
) for Polyfiller

X, $2.69/m 2 ($2.25/yd2
) for Nicolon 66186, and $4.17/m 2 

($3.49/yd2
) for Nicolon 66475. Total cost for the test 

section, including fabric and reef shell used to surface 
the haul road to the borrow area, was approximately 

· $154 500. Approximately 15 200 m3 (20 000 yd3
) of sand 

fill were estimated, and 17 500 m3 (23 000 yd 3
) of fill 

were actually hauled and placed along the alignment. Of 
the $108 000, approximately $93 000 was used in 
earthwork-related operations; the remaining costs were 
related to fabric placement and sewing. Dividing the 
total cost of earthwork operations by the volwne of ma
terial transported gives a unit cost of material place
ment, spreading, semicompaction, and finish grading 
of $5.31/m 3 ($4.05/yd 3

). This cost is reasonable for 
material movement in soft-ground engineering situations 
in which the size of digging, hauling, and spreading 
equipment is limited. More detail on construction costs 
is available elsewhere (6). 

CONCLUSIONS 

Fabric-reinforced construction techniques are based on 
the concept that low foundation strength and point-to
point foundation variabili~ y can be compensated for by 
use of geolechnical fabrics that ha,•e more easily pre
dicled engineering properties. The design concepts and 
construction procedures im·olved are relath·ely simple 
and based on application of logical engineering principles 
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rather than on detailed mathematical analyses. Based 
on the results of the tes t program summarized in this 
paper, the following may be concluded: 

l. Use of geotechnical fabrics to provide transverse 
tensile reinforcerr.ent is a technically feasible method of 
rapidly constructing embankments on foundations too soft 
to support the t1nreinforced embankment without failure. 

2. If procedures are used that provide essentially 
balanced loading on the foundation and that cover the out
side edges of the fabric to provide suitable anchorage be
fore placement of the interior embankment fill, construc
tion of fabric-reinforced embankments by using available 
low-ground-pressure do:z.er equipment and conventional 
dump-truck ma.terial hauling is operationally.practical. 

~· Compar~d with copventional end-dumping displace
ment methods, fabric-reinforced embankment construc
tion appears particularly cost-effective. The additional 
construction costs of purchase and placement of fabric 
are more than recovered by the savings in fill required 
to construct the above-ground embankment cross-section. 

4. Although specific situations will dictate exact 
fabric strength requirements, high-tensile-strength, 
high-deformation-modulus fabrics should prove most 
suitable for embankment reinforcement. 

5. There appears to be no particular advantage to 
constructing a working table before fabric placement, 
as long as the ground surface is reasonably level. When 
the mud-wave-displacement method of fabric stretching 
is used, the longitudinal seam strength should be equal 
to or greater than the fill-direction tensile strength of 
the fabric. 
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Planning Slope Stabilization Programs 
by Using Decision Analysis 
Duncan C. Wyllie, N. R. McCammon, and W. Brumwid 

Maintenance funds are rarely sufficient for all needs, and this requires 
that decisions be made as to the most effective allocation of these funds. 
In the case of slope stabilization, these decisions will be based on the 
frequency and location of failures, the consequences of failures (i.e., the 
cost of accidents), and the cost of stabilization. Decision analysis is a 
simple but useful tool to determine the most cost-effective stabilization 
program. The expected costs of slope failures are calculated for dif
f•ent stabilization programs, and these costs are added to the costs of 
the stabilization work to determine the expected total cost. The pro· 
gram that has the minimum total cost is likely to be the most cost 
effective. An example of the use of decision analysis is given that 
shows the variation in expected total cost for rockfalls along a section 
of highway for no stabilization work, a limited scaling program, and a 
more-comprehensive ditching, scaling, and bolting program. It is shown 
that the fnlquency of rockfalls must be substantially reduced before 
there is any significant reduction in the cost of accidents and that this 
requires an extensive stabilization program. The example also illustrates 
how t!M! probability values used in the decision analysis can be related 
to the design of the stabilization measures. 

It is often necessary in transportation engineering to 
determine the optimum allocation of the limited funds 
available to maintain slopes in acceptably safe condition. 
These decisions are rarely straightforward because the 
likely types of failure are varied, the consequences are 
diverse, and their occurrences are dilficult to predict. 
This paper describes the use of decision analysis, a 
simple but effective tool, for the analysis of the impact 
of different stabilization programs on the expected cost 
of slope failures. 

Recent applications of decision analysis in engineer
ing include the selection of safe routes for the trans
portation of hazardous materials (1) and surveys carried 
out to assess the safety of dams (§'. In this paper, the 
focus is on the optimization of a maintenance program 
for a series of highway or railway rock cuts that have a 
history of rockfalls, some of which have interrupted 
tra,f.fic and caused accidents. The costs of these events 
and of different stabilization programs are estimated, 

. and these costs and the probabilities of rockfalls oc
curring are used to calculate the expected costs of rock
falls wider alternative maintenance-prngram scenarios. 
This information shows which stabilization program is 
more cost effective. Probability analysis can then be 
used to ensure that the probability of failure of the 
stabilized slope is consistent with the probability used 
in the decision analys~s. 

PRIKCIPLES OF DECISION 
ANALYSIS 

Decision analysis is a teclurlque in which the conse-

quences of all of the events that might occur in a 
particular situation are evaluated. Probabilities are 
assigned to events that occur by chance, and the costs 
of those events are determined. This information is 
then used to calculate the expected costs of different 
courses of action, which can be used as a guideline in 
making decisions. 

The first task in decision analysis is to draw a 
decision tree that shows all possible events. In this 
paper, rockfalls from highway cuts are considered, 
although the same approach can be used on railroad 
cuts. On the tree, events that occur as a result of a 
decision are distinguished from events that occur by 
chance. The decision point in this analysis is whether 
or not to carry out a stabilization program. Once this 
decision has been made, regardless of what has been 
decided, a chance event will occur; that is, the slope 
will be either stable or wistable. ProbabilEies can be 
assigned to each of these events and, because they are 
mutually exclusive, the sum of probabilities at each 
chance point is 1.0. 

Establishment of realistic probabilities for dif
ferent events requires both experience and sound judg
ment. This is particularly true for rare events; exper
imental evidence shows that people tend to overestimate 
the likelihood of their occurrence @. The best method 
for establishing probabilities is to study existing 
records and modify them where necessary to suit local 
conditions. 

The next task is to assign the total costs to society 
(e.g., maintenance, injury, business losses, traffic 
delays) of each of the events at the tips of the decision 
tree and to determine the costs of stabilization at ap
propriate decision points. If the cost of an event 
cannot be expressed in terms of a single value, it can 
be expressed as a probability distribution in which all 
the costs within the range are given probabilities of 
occurrence. Summation of the area under the prob
ability distribution curve will give the expected cost of 
the event. The determination of costs usually involves 
the cooperation of the owner, who is also likely to pro
vide useful input on the structure of the decision tree 
and the assignment of probabilities. 

The final task in the analysis is that known as 
averaging out and folding back ® each branch of the 
tree. The product of cost and probability, summed 
over all events at a particular chance point, gives the 
expected cost. This procedure is started at the tips of 
the branches and worked back to the .decision point. If 
the objective of the analysis is to determine the least 
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costly option, the path that has the least expected cost 
is selected. 

DATA COLLECTION FOR DECISION 
ANALYSIS 

The .>urpose of decision analysis is to assist in predict-
- ing the outcome of future events, and the reliability of 
the prediction will be greater ii reliable data on past 
events are available and il the mechanism and causes 
of failure are thoroughly understood. 

In the cause of rockfalls from slopes adjacent to a 
highway or a railway (see Figure 1), three types of in
formation are required: 

1. If a record of rockfalls exists, the locations, 
frequencies, and consequences of these falls should be 
summarized and these data used to estimate the prob
abilities with which such events occur. ll is unlikely, 
however, that there will be sufficient records to establish 
the comple te rockfall population from which to calculate 
true probabilities. Therefore, it may be necessary to 
make appropriate modifications based on judgment and 
experience to the calculated probabilities. For in
stance, the records may have been collected during a 
period when the winters were more severe than usual 
and frost action produced an unusually large number of 
rockfalls. In such a case, the probability should be 
adjusted downward. 

2. The impact of rockfalls on traffic should be 
studied to determine the average costs of different 
classes of events. For example, the costs of a delay 
caused by a major rockfall would be due to the inter
ruption to traffic, removal of the rock, and repairs 

Figu1 ~ 1. Rockfall conditions on cut 
slope. 

Figure 2. Decision analysis: existing l EGE ND: 

stability condition. 0-oECISION POINT 

Q-CH&NCE POINT 
p -PRDIABILITY 01' l'AILURE OCCURINO 

• 
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to the slope and the pavement. In the case of an im
pact, costs will result from damage to the car, injury 
to or death of its occupant(s), and damage to the pave
ment. Even when there is neilher a delay nor an im
pact, it may s till be necessary to remove the rockfall 
and perform repairs. In addition, there are inclrect 
costs such as th.e lost wages of those injured, engineer
ing studies of stability conditions, and legal fees in the 
event of a court case. 

3. The physical and geological characteristics of 
the slopes should be studied to determine the causes of 
failure and whether further falls are likely. One pos
sibility is to evaluate the stability condiQ.ons for each ·. 
slope on a numerical point rating from very high to 
very low probability that a rockfall will occur. The 
detailed information should include the length and spac
ing of the natural fractures in the rock, their strength 
characteristics and orientation with respect to the slope 
!ace, groundwater pressures, and whether heavy blasting 
has caused damage to the rock behind the face (~} . 

APPLICATION OF DECISION 
ANALYSIS 

To illustrate the use of decision analysis, consider the 
case where a number of unstable slopes above a major 
highway have e>.."Perienced frequent rockslides . A 
decision is required on whether a preventive stabiliza
tion program to reduce the likelihood of future slides 
is economically justified and, if so, how much money 
should be spent. 

An examination of the length of highway where the 
rockfalls have been occuning shows that, on a 1.5-km
long section of essentially constant geological char
acteristic"s, there are a number o! potentially unstable 
slopes. Rockfalls have been occurring because the 
slopes were cut at 45°, which widercuts the bedding 
planes that dip at about 30a towa.rd the highway. In 
addition, groundwater pressures exist within the slope 
(Figure 1). 

The first step in the decision analysis is to draw a 
decision tree to show the range of conditions expected 
(see Figure 2). The first point in the tree is the 
decision point for the three alternative coorses of 
action. These are 

1. No stabilization, 
2. Option !-expenditure of $6000/0.1-km segment 

COST PER 
ROCKFALL 

TOTAL 
EXPECTED 
COST PER 
0.1 km 

PATH 
PflOllAll U Tl ES 

EXPECTED COST/ROCKl'A~L DELAY--p • 0 , 11 
•• 19.5)0 

$100,000 

• 2$,000 

• 500 

STABILIZATION: 0 
ROCKFAU.S : 11,720 
TOTAL : ~ iT,72ci 

O.OT 

0.20 

0.35 

EJCPECT (O COST/0.1 km 
$•II, 720 

---------STABILIZATION OPTION No. I 

I 
I 
I 
I 
I 
I 
'--------·STABILIZATION OPTION No. 2 

• 

~ 
I.OD 

EXPECTED COST ' ( ~ 100,000 1 0 . II) 
+ ($ 25,000 I 0,33) 
+($ 50010!!6) 

• 19 , 530 
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Figunt 3. Decision analysis: 
stabilization option 1. 

LEGEND '. 

0-oECISION l'OINT 
Q-CHAllCE l"OllH 
I - l'lt08ABILITY 

I COST OF 
TSTA81LIZATION 

WOA• 

r" - - - - - - - -EXISTING CONDITIONS 

I 
I 
I 
I 

EXPECTED COST/ROCKF4LL 
$ • 31' 500 

OELAY--p• 0, 25 

MPACT-p•0.25 

COST PEA 
ROCKFALL 

+100,000 

$25,000 
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TOTAL PATH 
EXPECTEO ""OBABIUTIES 
COST PER 
0.1 ~m 

$II, 720 

0.75 

STABILIZATION: 8000 
llOCKFALL.S 8505 0.75 
TOTAL : $14,505 I ef ROCJlfAU 

I t&ooo P' 0·3 

0--STABILIZATION ,' NO IMPACT-p•O. SO 
OPTION No I \ or DELAV --

1 \ 1. 00 

• 500 0.15 

I '-ND ROCKFALL p• 0 . 7 
I 0 . 7 

I 
I 
I 
I 

EXPECTEO COST/0. 1 Wm 
i • e, sos 

1.00 

L--- - - - - - -STABILIZATION OPTION No. Z. 

of highway for removal of loose rock from the face, and 
3. Option 2-expenditure of $10 000/ 0 .1-km segment 

of highway to install tensioned rock anchors and to ex
cavate a ditch and construct a gabion wall along the toe 
of the slope. 

Whichever cwrse of action is taken, the same events 
can take place, althwgh the probabilities of their oc
currence will differ i! the stabilization program is 
effective. Thus, the structures of the trees are identical 
for each of the three options. The events that can occur 
at the first chance point are either 

1. A rockfall takes place or 
2. The slope is stable and no rockfall takes place. 

If a rockfall does occur, then one of three types of 
events can take place at the second chance point: 

1. There is a delay, 
2. There is an impact, or 
3. There is neither an impact nor a delay, but there 

may be some damage to the highway. 

The probabilities of these events occurring per 0.1-
km segment of highway can be estimated by dividing the 
expected number of rockfalls by 15, i.e., the number of 
0.1-km segments in 1.5 km of highway. For example, 
if nine rockfalls have occurred on this 1.5-km section, 
then the probability of a rockfall occurring on a given 
0.1-km segment is 9/15 or 0.6, and the probability of 
no rockfall occurring on that segment is (1 - 0.6) or 0.4. 
This probability unit can then be used to compare the 
expected rockfalls over other sections of highway that 
have the same geology. 

To calculate the expected cost of rockfalls in the 
furore, probabilities of future roCkfalls and their con: 
sequences ar'e calculated from the existing rockfall 
_conditions by assuming that the instability problem will 

· .. . be similar in the future to what it has been in the past 
{although some allowance might be made for increases 
in traific). II, of the nine rockfalls that have occurred, 
one caused a delay (p = 1/9 or .0.11 ), three caused an 
impact (p = 3/9 or 0.33), and five caused neither a 
delay nor an impact (p = 5/9 or 0.56), then the prob
abilities can be assigned as shown in Figure 2. Path 
probabilities are then calculated by multiplying the 
probability along each path on the tree. This gives the 
overall probability of an event occurring i! a previous 
event has occurred 'vith a certain probability (4). 

Average costs for the three types of events 1or the 
case of a heavily used highway that has a high proportion 

of commercial traffic are estimated ® to be as follows: 

Type of Event 

Delay 
Impact 
Damage to highway only 

Cost ($) 

100 000 
25000 

500 

Finally, these probabilities and costs are averaged 
out and folded back to determine the expected cost of 
rockfalls per 0.1-km segment. For no stabilization, 
this cost is calculated to be $11 720. The objective of 
the stabilization work is thus to reduce the probability 
of failure so that the expected cost of rockfalls plus 
the stabilization cost is less than $11 720. 

The first stabilization option consists of removing 
loose rock from the slopes. This option is estimated 
to cost $6000/0.1-km segment; from experience, this 
will approximately halve the number of rockfalls. The 
probabilities are calculated by assuming that four rock
falls will occur in the same time interval as in the no
stabilization option of which one will be a delay, one 
an impact, and two will cause no delay (see Figure 3). 
(It should be noted that, because probabilities of oc -
currences have been rounded to whole numbers, small 
differences in path probabilities will have no signifi
cance.) 

Calculation of the probabilities of these events shows 
that, although the probabilities of the impact and no
delay events have been considerably reduced from 
existing conditions, the path probability of a delay oc
curring is essentially unchanged. This is reasonable 
because the stabilization work has done nothing to im
prove the stability of the overall slope and rockfalls 
can still be expected to occur. Calculation of the 
expected costs by using these probabilities and the 
same costs for each type of event as before shows 
that the expected cost of rockfalls per 0.1-km segment 
of highway is $8505. This plus the stabilization cost 
of $6000/0.1-km segment gives a total expected cost 
of $14 50 5. This cost is greater than the existing cost 
of rockfalls, which means that a scaling program is 
not economically justified. 

The second stabilization option consists of ex
cavating at the toes of the unstable slopes to form a 
ditch, constructing a gabion wall to catch small rock
falls, and installing tensioned rock anchors where 
necessary to prevent large rockfalls (see Figure 4). 
It is estimated that this option 'vill cost SlO 000 / 0.1-km 
segment of highway. The ditch, however, is designed 
to prevent small rockfalls from reaching the highway 
so that the probability of impact and no-impact events 
will be very low. 
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Figure 4. Illustration of stabilization 
program. 

Figure 5. Decision analysis: 
stabilization option 2. 
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-- - - - - - - -STA8tLIZATtO>I OPTION Ne I 

EXPECTED COST I ROCKFA'L. DELAY--p· o.ee 
$•9e,255 

$100,000 

STABIUZATION I0,000 
ROCKFALLS " I, 720 
TOTAL : • iT,'72o 

0.02 

0.00 

o.oo 

Figure 6. Definition of 
parameters used in 
stability analysis. 

The installation of rock anchors will reduce the 
probability of a large rockfall occurring that would 
cause a delay. For the stabilization option to be eco
nomically justified, the expected cost of stabilization 
and rockfalls must be less than the existing cost of 
$11 720/0.1-km segment of highway. As shown in 
Figure 5, this expected cost will be achieved if the 
probability of a delay is less than 0.0175 (approximately 
0.02). The required probability is calculated from the 
required expected cost by working from left to right 
through the tree. 

The design of the rock-bolting program to achieve 
this level of probability of failure can be carried out 
by using probability analysis in conjunction with 
~~ndard factor-of-safety (FOS) analysis. In this way, 
it is possible to relate the consequences of failure to 
the amount of stabilization work carried out. 

PROBABILITY ANALYSIS 

A probability analysis can be used as a guideline in the 
objective selection of an appropriate FOS. This anal
ysis takes account of the variability and lack of defini-

£.:..!.! 
1.00 

iion in the ~arameters used. Furthermore, this prob
ability of .failure can then be used in the decision 
analysis to examine the consequences of failure. II 
the consequences are unacceptable, then the decision 
can be made to take action to reduce the probability 
of faHure to a level that has an acceptable consequence. 

Alternatively, the design of stabilization measures 
can be carried out on the basis of a selected FOS. This 
is a somewhat subjective selection and may not be con
sistent. f~om case to case. Usually, a sensitivity 
analysis is also carried out to determine which factors 
have the greatest effect on the FOS. II the definition 
of the more-sensitive factors is uncertain, then a 
further subjective decision is made to increase the 
FOS. 

The following example shows how a probability 
analysis, in conjunction ·with the decision analysis 
can be used to select an appropriate FOS !or the sta
bi~~ation w?rk. One method of calculating the prob
ability of failure of a rock slope is as follows. 

The stability of a slope is dependent on the relative 
magnitudes of ~o forces-a displacing force (D) that 
acts to cause. fa1lure and .a strength (or resisting) force 
(R) that acts m the opposite direction. The difierence 
between th.e_ two forces (R - D) is the margin of safety 
and ls pos1t1\'e :1·hen the slope is stable and negative 
when the slope 1s unstable. The ratio of the two forces 
(R/ D) is the FOS and is greater than 1.0 when the slope 
is nominally stable. In the case of a planar type, the 

... 
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Figure 7. Normal distributions used in calculation Normal Normal Normal 
Ois!ribut1on 
of Margin of 

of probability of failure. 01s!ribut1an 01str1butian 

Probabilitylo! Slr~e\s-s o! St\rength 

Density 
Function 

. .. 
\. Force, KN 

Probability 
Density 
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Saf ely~ 
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two forces are calculated by using Equations 1 and 2. 

R = (W cos iii + T cos 9 - U)tan ¢i 

D = (W sin 1/1 - T sin 9) 

( 1) 

(2) 

where W = weight of sliding block, U = watei: pressure 
action on failure plane, and °'• H., ip, T, and e are de
fined in Figure 6 and have the values given below. 

Estimated 
Parameter Value SD Comments 

Friction angle 41 5 Determined from rock 
(OT) (0

) texture and surface 
roughness, cohesion 
=O 

Height of water 3.3 1.5 Variation in peak spring 
table (H .. l (m) water levels (deter· 

mined by piezometer 
measurements) 

Dip of bedding 30 2.5 Determined by dip 
planes (ijl) (0

) measurements made 
during surface geo· 
logical mapping 

Bo It tension per 120 10 Actual load (wt-ich is 
linear meter of less than design load 
slope (Tl (kN)_ due to anchor relaxa-

tion) 
Bolt angle (¢) (0

) 16 3 Variation due to changes 
in rock surface 

Because of the variable properties of rock, it is 
rarely possible when calculating these forces to define 
the ma!ffiitudes of parameters used in the analysis 
precis;ly, and it is more realistic to express their 
magnitudes in terms of ranges of values. One of the 
most convenient expressions for variability is the 
normal distribution. This is a bell-shaped curve that 
is symmetrical about the mean value and .has a width 
that is defined by the standard deviation of the sample. 
An important property of the normal distribution is 
that the area under the curve between any two values on 
the horizontal axis represents the probability of a 
sample occurring within that range (1). 

I! all parameters used i.n the. calculati ~m of the . 
resisting and displacing forces are independent and 
can be expressed as normal distributions, these can 
be combined by appropriate methods (8) to obtain the 
normal distributions of the two forces:- I.f the two curves 
are plotted on the same figure and intersect at some 
point (as shown in the left-hand side of Figure 7), then 
D > R and the probability of failure of the slope is equal 
to the shaded area shown on the right-hand side of 
Figure 7. Alternatively, Monte Carlo teclmiques can 
be used to combine diUerent types of distributions (8). 

The probability of failure can be calculated by sub
tracting the two distributions to obtain the distribution 
of the margin of safety, i.e., the area under the curve 
to the left of the vertical axis. These calculations can 
be performed on a programmable pocket calculator. 

li the parameters used in the analysis have little 

LProboDl lity of Failure 
equal to shaded area 

variation, then the distribution curve for the margin of 
safety will be narrow and only a slight increase in the 
strength will be required to produce a signif~cant de
crease in the probability of failure. 

To illustrate the application of probability analysis 
in the design of stabilization measures, consider the 
slope discussed in the decision analysis above. Here, 
for the stabilization program to be economically justi
fied, it is necessary to reduce the probability of failure 
by approximately 70 percent, i.e., from 0.07 to 0.02. 
The first step is to calculate the probability of failure 
and the factor of safety of the existing slope. Rock 
anchors are then added progressively, and the prob
ability of.failure is calculated until it is reduced by 
about 70 percent. For example, consider a 15-m-
high slope cut at 45° and having the parameters shown 
above. 

The probability of failure of this slope is 0.34 (FOS = 
1.2) and must be reduced (by 70 percent) to 0.10. U 
two rock bolts are installed, the probability of failure 
will be 0.18 (FOS = 1.47), and U three rock bolts are 
installed the probability of failure becomes 0.12 (FOS = 
1.63). Thus, the required improvement to the stability 
of the slope can only be achieved by adding three bolts 
rather than two (which is an insignificant additional 
cost). 

CONCLUSIONS 

Decision analysis can be used as a guideline in making 
rational decisions when there are several courses of 
action available. This approach offers the following 
advantages over subjectively made decisions: 

1. Decision analysis encourages decision makers 
to scrutinize their problems as a whole as well as to 
evaluate the interactions among various facets of their 
problems. 

2. The systematic approach helps communication . 
It allows each expert to give testimony about his or her 
area of expertise. 

3. Systematic examination of the value of informa
tion in a decision context helps evaluation of what infor
mation is important. 

4. Analysis distinguishes the decision maker's 
preference for consequences, including attitudes toward 
risky situations. 

5. The methodology of decision analysis is useful 
as a mediating device in situations in which the advisors 
to a decision maker disagree about an appropriate 
course of action. 
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Advantages of Founding Bridge 
Abutments on Approach Fills 
D. H. Shields, J. H. Deschenes, J. D. Scott, and G. E. Bauer 

A set of controlled experiments has been carried out in which the ulti
mete bearing capacity at various locations within a granular approach 
fill for a spill-through bridge abutment was measured. It was shown 
that existing design procedures for spread-footing-supported abutments 
in approach fills are unduly conservative, and it is recommended that 
the experimentally determined bearing-capacity values be used as the 
basis for design. · 

Footing foundations would be competitive in cost with 
piled foundations for spill-through bridge abutments 

· if the design bearing pressure for footings near slopes 
could be increased. That is, if the allowable bearing 
pressures could be located closer to the end sl9pe of 
the approach fill, the resulting bridge length would be 
comparable to that of a bridge having a pile foundation. 

Current bearing-capacity limits are based on theo
retical considerations. This paper describes a set of 
controlled experiments in which the ultimate bearing 
capacity at various locations within a granular approach 
fill was measured. It was found that the theoretical 
approach seriously underestimates the capacity of foot
ings close to the crest of a slope. Present indications 
are that piles can be omitted Crom existing spill
through abutment design, and the abutments can be 
placed directly on select, well-compacted gravel at 
lower cost. A concomitant benefit is that a footing
supported abutment and fill will settle as a unit; this 
will eliminate the maintenance cost often associated 
with bridge approaches that settle while the bridge it
self does not. 

In 1978, an actual underpass structure was built to 
a new design based on the tests reported here. The 
beha\'ior of the structure is being monitored, and its 
performance will be compared with that of the corres
ponding model. 

DEFINITION OF THE PROBLEM 

Generally, one distinguishes two basic types of abut-

ments-the retaining and the spill-through. In a retain
ing abutment, the approach fill is contained within the 
vertical abutment wall and the wing walls, whereas in 
the .>i>ill-through abutment, the approach fill is self
supporting and the bridge appears to rest on the fill 
near the top of the end slope. In fact, in the majority 
of cases, the bridge does not rest on the fill but is, 
instead, supported on piles that extend down through the 
fill to the natural soil or rock. 

Why Use Piles? 

Economics plays a large role in the design of bridges, 
in particular in the design of fairly routine highway and 
railway bridges of the overpass type. Based on present 
design practices, the economic advantage is nearly al
ways in favor of founding spill-through abutments on 
piles rather than on spread footings. Generally, the 
bridge on spread footings is longer than the bridge on 
.piles and the spread-footing alternative requires a fairly 
large zone of more-expensive, compacted select fill. 

To design a spread footing for a spill-through abut
ment, the designer must resolve the dilemma of deter
mining the probable ultimate capacity and settlement of 
the footing. At present, there are at least eight bearing
capacity theories that engineers can use, and all eight 
purport to take into account the ercects of the proximity 
of the sloping face of the approach fill. The problem is 
that all eight give different answers. 

Most of the theories are applicable only to a footing 
located right at the crest of the slope; only two-those 
of Meyerhof (l) and Giroud (2)-treat the general problem 
of the capacity anywhere within a slope and also use 
acceptable analytical techniques. Because it is unlikely 
that a designer would locate an abutment footing right at 
the crest at the end slope of the approach £ill, Meyerhof's 
and Giraud ' s theories are the most widely used for de
sign. Even then, the differ ence between the two theories 
can be considerable-particularly in dense material 
within the region close to the crest of the slope. 
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figure 1. Basis for cost comparison. 

ABUTMENT FOUNOEO 
\ ON PILES 

PAVING 

Note: 1 m = 3.28 ft . 

Table 1. Cost comparison for abutment footings: typical highway 
underpass structure. 

On Spread Footing ( $ l 

Ontario On Piles Per Cubic Saving 
Location ($/bridge) Meter of Fill Per Bridge ($/bridge) 

Southwest 17 900 10.80 16 650 1 250 
East 16 400 5.25 B 800 7 600 
Central 16 950 7.85 12 300 4 650 
North 20 000 3.90 7 000 13 000 

Notes ' 1 mJ • 1.ll vdl , 
Costs in 1976 Canadian dollar-1{1 ~001976 Canadian dollar= 1 01 1976 U.S dollars) 

Figure 2. Locations of test footings. 

Note: 1 m = 3.28 ft . 
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A New Look at the Footing 
Alternative ' 

Jf experimental. proof werE! available to show that exist
ing design procedures for spread-footing-supported 
abutments i n approach Cills are unduly conservative, 
what economic benefit would there be in choosing spread 
footings over piles? This question can be approached 
as follows: Consider the possibility that a spread foot
ing could be designed to carry an abutment located at 
the exact position of a pile-supported abutment; this 
would mean that the bridge length and thus cost would 
be the same. Consider also the possibility that the 
widt h or the footing would be equal to the width of the 
pile cap; this means that the abutments themselves 
would be the same, and they would cost the same . Thus, 
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comparison or the costs of pile- and footing-supported 
abutments will be limited to comparing the cost of the 
piles and their installation with the cost of the select 
granular zone under the footi ng . The two systems 
compared are shown in Figure 1. The piled foundation 
is made up of thirty-eight 32.4-cm (12.8-inl outside-

. di ameter, 9- m (30- ft) long, stee l tube piles, each de
signed to carry 22.7 Mg (25 tons), and the sp r ead-footing 
foundation is a 3.4-m (10-ft ) thick zone contain.Ing ap
proximately 1150 m3

· (15.00 yd3
) of granular A. The 

cost-comparison results are shown in Table l (this com
parison makes allowance for the fact that common rm 
would be required for the piled foundation so that the 
cost for granular A shown is the difference in cost be
tween granular A and common fill). 

The conclusions that can be drawn from this are that 

1. In all cases, there is a saving in selecting the 
spread- footing foundation and 

2. The magnitude of the saving depends on the cost 
of granular fill at the bridge location. 

If longer piles were required to reach the bearing 
stratum or H cheaper gravel could be used (or both), 
the savings would be even greate r . 

Another advantage of using spread footings to carry 
bridge abutments in approach fills is that the bridge and 
the fill will settle together, and there will be no bump 
such as occurs when the abutment and the fill settle 
differentially. Of course, a settling abutment may not 
be desirable for a multispan continuous bridge structure. 

PROVIDING THE PROOF 

Given the worthwhile savings that could result from a 
change in spread-foot ing design practice, the Ontari o 
Ministry of Transp0rt1tion and Communi cations and 
the geotechnical group at the University of ottawa con
ducted large-scale experiments to measure the bearing 
capacity of spread footings adjacent to a 2: 1 slope of 
granular material- the standard design slope of the 
ministry. Two test series were envisioned-one series 
in compact material and another series in dense ma
terial. A grid of 12 footing locations was chosen for the 
tests (see Figure 2), and it was decided to make the 
footings long in comparison with their width to simulate 
an infinitely long, continuous strip footing in the tests. 

Previous research (3) on footings on flat g r ound had 
indicated that a 300-mm (1-ft ) wide footing is the mini
mum that can be used on granular soil to simulate a full
scale footing. This dimension controlled the size of the 
bin that was required in whlch to perform the tests. The 
actual bin (or sand box) is 15 m (50 rt) long, 2 m (6 .6 ft) 
wide, and 2.2 m (7 ft ) high, but it is divided into two equal
length bins 7. 5 m (25 ft) long to facilitate material 
storage between tests. The width of the sand box was 
arbitrarily fixed at six times the width of the footing; 
because the footing stretched from one side of the bin 
to the other, the sides of the bin were made rigid so that 
the soil could move only in plane strain. The length of 
the test was ample to allow Cull development of the failure 
zone from under the footing out into the slope. [The test 

· arrangement is described in detail by Shields and others 
(4).] 
- To overcome the potential error due to friction on 

the sides of the box, the footing was made in three equal 
parts or segments. 

The next decision that had to be made was the choice 
of the granular material. Ideally, granular A should ha\'e 
been chosen but, be·cause each test required mo\"ing 40-
50 Mg of material, making obvious that mechanical han
dling would be required, and the equipment to pi ck up .• 
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Figi;re 3. N~q contours for dense sand. 
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Figure 4. New (1978) bridge design. 

1 depends on minimum fran depth F. 

transport, and deposit the material in a controlled fashion 
could handle only sand, a crushed quartz sand was chosen 
to simulate the granular A. Tests showed that the quartz 
sand had a lower strength (lower angle of internal fric
tion) and was more compressible (lower Young's modulus) 
than either crushed stone granular A or crushed gravel 
granular A at the same relative density. This meant that 
the footing tests on the sand would give results that were 
·consen•ative with respect to the performance on gravel. 

Test Procedure 

Increments of load were applied to the footing until 
failure was reached. Each of the three footing sections 
was loaded independently, but all sections were forced 
into the sand at the same rate. The load on the middle 
section was recorded, as was the amount of settlement of 
the footing under each load. 

Measurements were also made of the movement of 
the surface of the sand. 

Test Results . 

Because the test results would have to be scaled up from 
the 300- mm-wide footing used in the sand box to field 
size [typically 1.8-4.6 m (6-15 ft)], the test results are 
presented in terms of Nyq contours, where N~q = experi
mental bearing-capacity factors. Figure 3 shows the 
experimental results for dense sand. · These results do 
not agree with either Meyerhof's or Giroud's theoretical 
values . · 

DESIGN RECOMMENDATIONS 

For the present, it is recommended that the experi
mental N~., values be used empirically as the basis for 
the design of abutment footings in approach fills. It 

BRIDGE DECK 7 

1s• 

Note: 1 kPa E 6.89 lbf/in2, 

seems, therefore, that bridge lengths can be comparable 
for both pile- and footing- suppor·teC: abutments and that 
the economic advantages of footings will in fact be 
realized. 

The bridge structure built in 1978 to the new speci
Ocations is shown in Figure 4. The movement of the 
structure is monitored, as is the overall settlement 
behavior of the approach fill. The structure is instru
mented to measure the distribution of bearing pressures 
on the foundation and the earth pressures on the verti
cal surfaces. One goal is to ascertain the actual direc
tion and location of the resultant force on the foundation. 

As a cautionary note, it must be noted that many 
spill-through abutments act partly as retaining walls; 
the resulting horizontal earth pressures lead to founda
tion loads that are inclined and eccentric. A series of 
tests have recently been completed in the sand box to 
determine the reduction in bearing capacity that is 
brought about by inclining the load 15° to the vertical, 
and size e ffects have been st udied by carrying out tests 
in which a 600-mm (2-rt) wide footing was used. 
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Pile Design and Installation 
Specification Based on Load-Factor 
Concept 
G. G. Goble, Fred Moses, and Richard Snyder 

The use of load-factor procedures for the design of bridge superstructures 
is expanding rapidly. However, substructure design is still based exclu
sively on allowable nress methods. This paper presents an approach to 
load-factor design for pile foundations. The load factors suggested fol· 
low the current American Association of State Highway and Transporta· 
tion Officials recommendations, while the resistance factors recom· 
mended are based on the capacity-determination methods and the con
struction control procedures used. Actual values are selected to be 
consistent with currently used procedures where they are available. The 
proposed specification can provide a framework fnr the use of more· 
appropriate resistance factors as they become available from ongoing 
research. ·-

About two decades ago, dramatic changes began to occur 
in structural design philosophy. Before that time, struc
tural designers sought to develop structural systems 
that would resist the effects of expected load applications 
with no structural distress. This was achieved by re
quiring that the stresses calculated by an elastic analysis 
of the structure when subjected to the expected design 
or working load not exceed some accepted, allowable 
stress. These allowable stresses were usually defined 
either explicitly or implicitly as a fraction of the yield or 
ultimate strength of the material involved. The fact that 
the loads were statistically distributed with substantially 
different probabilities of occurrence of different types 
of loads was ignored. Design loads were developed, and 
their effects on the structure were analyzed deter1:pin-
istically. · 

There -are clear advantages to this approach. The 
structure ls subjected to an elastic analysis, and the 
limit on allqwable stresses is placed well below the elas
tic region, so it can be expected that, even though the 
structural engineer is primarily concerned with the de
sign of a structure having sufficient strength, many ser~ 
viceability questions will be satisfied indirectly. For 
instance, in such an approach, one can expect that de
flections will be tolerable and acceptable. The structure 
is subjected to elastic analysis and, therefore, indirectly 
deflections are controlled . 

Another important but less understood advantage of 
an elastic-analysis-and-working-stress approach is that 
there is a clear and direct redesign process available 
to the structural engineer. Those portions of the struc
ture that are found in the analysis t6 be overstressed 

can be increased in size while parts of the structure · 
where stresses are less than the allowable can be de
creased in size. This approach provides a simple re
design algorithm. 

There are also important disadvantages to working
stress design. For instance1, a s tatically indeterminate 
structure that has a high degree of redundancy will have 
a different factor of s'afety to collapse than will a stat
ically determinate structure. When such structures 
are designed by working-stress procedures, the actual 
factor of safety (FOS) for a particular structure can vary 
considerably. Because the loads that must be carried 
by the design can come from a variety of sources, the 
accuracy and reliability of the determination of their 
magnitude can vary widely. Likewise our ability to 
predict the behavior of various types of structural ele
ments varies, as does the consequence of failure (the 
collapse of a column is usually more serious than is 
a beam failure). There are other considerations that 
motivate the change in practice. For instance, the be
havior of reinforced concrete members does not satisfy 
working-stress analysis because of time-dependent and 
inelastic deformations. 

On the other hand, if working-stress analysis is com
pletely abandoned for an exclusively strength-design
based procedure, then difficulties can arise with other 
performance aspects of the structure . For example 
strength evaluation procedures completely neglect ques
tions of deflection. 

In summary, traditional working-stress design proce
dures have come under criticism because they do not 
recognize the statistical distribution of loads and the 
nondeterministic character of structural-element 
strength. These factors, together with considerations 
of the varying consequences of failure for different ele -
ment types, all point to the need for design procedures 
that will p·roduce factors of safety that include these 
consequences. 

One solution is the procedure known as limit-state 
design or load-and-resistance-factor design . This pro
cedure deals directly with the questions involved in 
structural design. The structure is designed to satisfy 
requirements of strength and serviceability, both dtrectly 
and separately. By serviceability in structural design, 
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we a-re referring to such considerations as deflection, 
long-term deformation, vibration, and corrosion con
trol. 

strength considerations are solved directly by speci
fying the FOS of component behavior. This FOS, how
ever, can vary because the method recognizes that, 
under different conditions, different FOSs are appropri
ate. For instance, if the magnitude of the load applied 
to a structure is well !mown, then it is reasonable to 
use a smaller FOS than that used when the load magni
tude is variable. 

Other factors that affect such design procedures in
clude considerations of the reliability of member perfor
mance. For example, the flexural behavior of an under
reinforced concrete beam can be accurately predicted 
and, furthermore, the member will show a substantial 
deflection before it loses the capability of carrying a 
small amount of increasing load. It gives a strong warn
ing of impending failure. On the other hand, in a 
reinforced-concrete column, the same material will ex
hibit less ductility and give much less warning of !allure. 
It is appropriate that the FOS in the first case be smaller 
than that in the second . An example of this development 
is the American Concrete Institute (ACI) di-factor for 
different concrete elements. This kind of an approach 
to design is particularly well suited to the design of pile 
fou."ldations. In fact, it may be well suited to all kinds 
of foundations, although only pile foundations will be 
discussed here. 

Let us consider one further problem currently faced 
by the structural designer when he or she approaches 
the design of either a pile-supported foundation or a 
spread footing. As elements are proportioned, usually 
from the top of the structure downward , the loads are 
collected and carried along. At the base of the struc
ture, the foundation loads are collected. However, 
these loads which are derived from the structural de
sign, will be in the form of a factored load to be applied 
to the ultimate strength of the foundation. But current 
practice requires that soil limitations be handled in 
tE:rms of working loads, and so working loads appropri
ate to the design of this particular element must be as
sembled. After the allowable soil loads imposed by the 
foundation engineer are satisfied, the design of the foot
ing element itself must be accomplished by using a load
and-resistance-factor procedure. This approach is not 
only inconvenient but also lacks philosophical claiity. 
Jt means, for example, that a footing is proportioned for 
loads that are abO\·e the values permitted for the founda
tion soil. 

The problem is further complicated by the fact that, 
during the evaluation of the strength of a pile foundation, 
the f6undation engineer will probably determine the ulti
mate capacity of an individual pile. He or she or the 
structural engineer will then assign a rather arbitrary 
FOS. Traditionally, for well-controlled designs, this 
number is appr,oximately two. In current practice in 
the United States, however, it varies widely. Surely, 
it should be related to the procedures that are used in 
design and construction control. 

In this paper, the framework for a design specifica
tion for pile foundations is proposed that avoids the in
convenience of dealing with both factored and working 
loads and, at the same time, provides a more-rational 
approach for dealing with pile design. The specification 
used as the framework is the American Association of 
State Highway and Transportation Officials (AASHTO) 
bridge design specification. 

The definition of FOS has been rather loosely used in 
working-stress design. The designer generally defines 
the FOS as the structural strength divided by U\e working 
load. In the context of load-factor-based design , the 
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nomenclature must be used more carefully. The struc
tural strength is actually not so easily defined. This is 
also true for pile performance where we do not yet have 
a generally accepted procedure for evaluating even the 
results of a static load test. In the remainder of this 
paper, the term FOS will refer specifically to the ratio 
between the defined or nominal element strength and the 
working load. 

This specification, as is the case for most load-factor 
design procedures, divides the FOS into two parts. The 
first part is the factor that is applied to each design 
load. It is usually expressed as a constant appropriate 
to the parU.cular type of load multiplied by the nominal 
load in question; a much larger factor is used for live 
loads because their intensities and load effects are not 
as accurately predicted as is the dead-load effect. The 
other.portion of the FOS is used to reduce the predicted 
or nominal strength of a structural element and is based 
on an evaluation of the accuracy with which this element 
capacity can be predicted, the variability of the element 
capacity, the warning of failure that it will give, and the 
consequences of failure. 
· Thus, serviceability conditions are handled directly 

in load-factor design procedures. Th,is specification 
divides the problem of determining an acceptable pile 
design into three separate considerations: strength, 
serviceability , and driveability. In the context of pile 
foundations , serviceability refers to such factors as 
long-term settlements, corrosion, and other such con
siderations. These factors, although frequently difficult 
to analyze, are ''ery important in pile design. 

One reason for the low allowable stresses that are 
enforced on some types of piles is the consideration that 
sometimes they cannot be installed to higher working 
loads due to driving difficulties. It seems unrealistic 
to limit allowable stresses in all piles because some of 
them cannot be installed fc: those stresses. Driveability 
should be evaluated as a separate consideration. 

DESIGN FOR STRENGTH 

The selection of a pile design based on strength con
siderations involves ensuring that the applied load is 
less than the pile strength. Because both the load and 
the strength show a statistical variation, the purpose 
of the FOS is to ensure that the probability that the 
strength will be less than the load is sufficiently small. 
This requirement is summarized in Figure 1. Figures 
la and lb illustrate hypothetical distributions of load 
and strength (normal distribution assumed). When these 
curves are superimposed (Figure le), the crosshatched 
area is related to the portion of the cases where failure 
will occur (the load is less than the strength). Figure 
ld shows the effect of increased variability. Even though 
the average strength is the same in both cases, the prob
ability of failure will be greater for the case having the 
greater variability . 

In the AASHTO bridge code, the load expression is 
currently defined in load-factor form as 

U = J.3 [D + (5/3 L)) (I) 

where U = factored load, D = actual dead load, and L = 
working live load. (The AASHTO bridge design specifi
cation also contains additional ultimate-load equations 
that must be satisfied, and Equation 1 is in a more
complex form, but these complicating details will not 
be discussed here.) 

In foundation design for bridges, the contribution of 
the dead load is usually the dominant influence. There
fore, the foundation loads can be approximated by 

u = 1.30 

.· . 
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Figure 1. Effect of variability of distribution of load and 
strength on frequency of failure. 
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EFFECT OF VARIABILITY ON FREQUENCY OF 
FAILURE 

To ensure adequate saiety against failure, the nominal 
ultimate strength of the pile (R 1

) must be reduced by a 
strength safety factor (~). Thus, 

R=¢R' (3) 

where QI = resistance factor (in the AASHTO specification, 
this is called the capacity-modification factor) and R' = 
nominal ultimate strength. A design is acceptable if 

R>U (4) 

Because the factors to be applied to the load are 
already specified, it is only necessary to determine ap
propriate values for e. Consider the ways in which a 
pile can fail. First it can fail due to structu1·al failure 
(an infrequent occurrence) and , second, it can fail by 
penetration into the ground. In the first case, values of 
QI nave already been defined for columns in specifications 
such as Ute ACI building design· specification; a value of 
0. 7 seems -appropriate when applied to piles. Further 
refinement of this value for particular pile types will 
probably be necessary. 

The estabiishment of ¢ for the second failure mode is 
more difficult. In order that QI be related to the vari
ability of the pile strength, it should be dependent on the . 
means used to establish pile capacity, the variability of 
the soil, and the construction control procedures used. 
Si."I: different procedures now in use can be defined. 

1. Case-method analyzer with static load test: One 
of th.e initial production piles is driven to the required 
ultimate capacity as determined by the case method 
analyzer (1), making allowance for the estimated setup 
or rel.a.utfon. Blow counts are recorded. After a wait 
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time sufficient to allow the pore water pressure to dis
sipate, a static load test is performed to failure. After 
completion of the static load test, the pile is restruck 
and tested by the case-method analyzer, and the blow 
count is again recorded. The dynamic record is ex
amined for pile damage (2), and any necessary adjust
ments are made in the driving criteria. Additional pile 
tests are made by the case method analyzer. 

2. Static load test: One of the initial production piles 
is driven to the required ultimate capacity as determined 
by wave equation analysis, making allowance for esti
mated setup or relaxation. Blow counts are recorded. 
After a wait time sufficient to allow the excess pore 
water pressure to dissipate, a static load test is per
formed to failure. Any necessary adjustments are made 
in the driving criteria by using the wave equation analy
sis. Additional piles are proof-load-tested statically to 
the specified ultimate capacity .. 

3. Case-method analyzer: One of the initial produc
tion piles is driven to the required ultimate capacity as 
determined by the case-method analyzer , making allow
ance for the estimated setup or relaxation. Blow counts 
are recorded. After a wait time sufficient to allow the 
excess pore water pressure to dissipate, the pile is re
struck and tested by the case-method analyzer, and the 
blow count is again recorded. The dynamic record is 
examined for pile damage, and any necessary adjust
ments are made in the driving criteria. Some additional 
piles are tested by the case-method analyzer. 

4. Wave equation analysis: The driving criteria are 
set by wave equation analysis, making allowance made 
for setup or relaxation. Blow counts are recorded. 
After a wait time sufficient to allow the excess pore 
water pressure to dissipate, selected piles are restruck, 
and the blow count is carefully measured at the beginning 
of the restrike. 

5. Analysis based on soil data (static analysis): The 
required depth of penetration is set by an appropriate 
static analysis based on soil boring data. The piles are 
driven to that penetration independent of blow count. 

6. Dynamic formula: The driving criteria is set by 
use of the dynamic formula, making allowance for setup 
or relaxation. The formula is written without a safety 
factor. Blow counts are recorded. After a wait time 
sufficient to allow the excess pore water pressure to 
dissipate, selected piles are restruck, and the blow 
count is carefully measured at the beginning of the 
restrike. 

It is difficult to derive rational values for ~ because 
sufficient data are not available for a thorough, system
atic analysis. The table below presents recommended 
values together with total FOSs that exist when used with 
the AASHTO load factors, assuming dead load (1.30) is 
dominant. 

Inspection Uniform Soil Variable Soil 

Class ¢ Total FOS ¢_ Total FOS 

1 0.70 1.86 0.70 1.86 
2 0.65 2.00 0.60 2.17 
3 0.55 2.36 0.55 2.36 
4 0.45 2.89 0.45 2.89 
5 0.35 3.71 0.35 3.71 
6 0.22 5.91 0.22 5.91 

These values were selected by correlating the FOS with 
current practice. Therefore, inspection class 2 has a 
total factor of safety. of 2 .0 (assuming dominant dead 
loads). This case is judged to be the currently widely 
used and well-established practice .. The use of a dy
namic formula gives the traditional FOS of 6.0. The 
other values were established by interpolation. 
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DESIGN FOR SERVICEABILITY 

Serviceability considerations are very important in pile 
foundation design. Of primary int~rest are long-term 
deformations (settlements). Reliable and accurate set
tlement computations for pile foundations are very dif

.ficult to make. They must be made by using nominal 
1oads, and they should be calculated independently of 
strength evaluations. Other serviceability limitations 
(for example, durability) tend to involve subjective 
judgment and are not directly related to structural con
siderations. (Further discussion of serviceability con
siderations is beyond the scope o~ this paper.) 

DESIGN FOR DRIVEABILITY 

In the pa.st, attempts have been made to place simple 
limitations on some pile and driving system parameters 
to ensure that critical driving stresses are not exceeded. 
The question of tension stresses induced in concrete 
piles during easy driving is of particular concern. The 
most common approach has been the arbitrary limitation 
of pile-ram weight ratios. These limitations have been 
shown to be inadequate and even incorrect (3) . 

It may be possible to solve the problem 6Y using 
closed-form solutions of the one-dimensional wave equa
tion, but this has not yet been done. The most reliable 
approach is the use of a wave equation computer pro
gram. However, the program must properly model the 
driving system, and proper input data must be used . 

If a wave equation analysis is used, the next question 
that arises is the determination of acceptable values for 
dynamic driving stresses . Because this is a short-term 
load that can be controlled, it is reasonable to approach 
closely to the faHure stress . Furthermore, the only 
consequence of failure during installation is that a pile 
must be replaced (providing that proper inspection 
methods are being used). 

Allowable driving stresses for steel and prestressed 
concrete piles are usually given in terms of yield stress 
(Fy) and 28-day cylinder strength (f;), respectively. 

Material Allowable Stress 

Steel 0.85Fy 
Concrete 

Compression O.Bf~ 
Tension 3(f~) 11 

COMMENTS AND DISCUSSION 
OF PROCEDURE 

The load-factor design procedure is now the dominant 
method for structural design, and its use is increasing. 
However, it has not yet been used for .foWldation design , 
even though it fits well philosophically with the methods 
of foundation.design, particularly for deep foundations. 
The AASHTO bridge design specification load-factor ex
pressions were used in organizing this specification. 
Of course, other codes could have been used equally well, 
since they all have the same genera:! form. 
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Other construction control procedures can be inserted 
into this framework, and improvements in the state of 
the art can be readily incorporated. Proper and rea
sonable t$ factors must be used. The use of such a pro
cedure may encourage the assembly of addltional pile 
load test data (to failure) so that improved ~ factors can 
be determined. 

One of the important attractions of the procedure de -
scribed in this paper is that the cost trade-off of im
proved field testing and construction control can be di
rectly evaluated . Thus, the engineer can show the o_wner ._ 
the advantages of improved engineering on large jobs. .- · 

The field- testing and construction·-control procedures· 
are not described in detail because tl10se aspects are · ' 
beyond the scope of this paper. It should be noted that 
emphasis is placed on restrike testing. This procedure 
is one of the most important tools for improving pile
capacity analysis. It is usually quite inexpensive to per
form and will probably justify increased capacities. On 
the other hand, one of the most dangerous problems is 
the relaxation of pile capacity, which can be detected 
by restrike testing. 

One of the principal advantages of the load-factor 
philosophy is the separation of strength and driveability 
considerations. At present , allowable stresses in steel 
and timber piles are held at a low level because some
times such piles cannot be driven to higher capacities 
due to excessive driving stresses. The two problems 
are quite unrelated and should be separated and dealt 
with independently. 

Pile foWldation design specifications have remained 
essentially unchanged for several decades. During this 
same time, structural des]gn codes and procedures have 
Wldergone a gradual change to greater rationality and 
realism. The procedures suggested in this paper will 
accomplish the same thing for pile foundation design. 
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Prediction of Shear Strength of Sand by 
Use of Dynamic Penetration Tests 
Harry M. Coyle and Richard E. Bartoskewitz 

Texas cone penetrometer tests were conducted at six sites in the middle 
Ind upper Texas gulf coast region. The soils tested were cohesionless and 
included poorly graded sands and silty sands. The direct-shear test method 
was used to determine the effective angle of internal shearing resistance of 
the soils, ind an empirical relationship was used to obtain standard penetra· 
tion test V1lues from the measured Texas cone penetrometer test data. The 
standard penetration test N-values of fine and silty saturated sands were 
corrected to account for the development of pore pressures during driving. 
Both the Texas cone and the standard penetration test N·values were cor· 
related with the shear strengths and with the effective angles of internal 
shearing resistance of the sands. The new correlations were compared 
with existing correlations commonly used in the geotechnical profession, 
Ind it was found that the currently used relationships between tha N· 
value and the effective angle of internal shearing resistance are a lower 
bound for these test data. 

Soil sounding or probing consists of forcing a rod into 
the soil and observing the resis tance to penetration. 
According to Hvor s le v (1 ), "variation of this res istance 
indicates dissimilar soil layers, and numerical values 
of this resistance permit an estimate of some of the 
physical properties of the strata." The oldest and 
simplest form of soil sounding consists of driving a 
rod into the ground by repeated blows of a hammer. · 
The penet r ation resistance in this dynamic test is de
fi ned as the number of blows (N) that produces a pene
tration of l ft. 

In the United States, the most commonly used 
dynamic penetration test is the standard penetration 
test (SPT). The res ults of the SPT can usually be cor
r elated with the pert inent physical p roperties of a s and. 
Meigh and N1xon (~ ) have reported the results or various 
types of i n situ te sts at several sites and have concluded 
that the SPT gives a reasonable, if not somewhat conser
vative, estimate of the allowable bearing capacity of 
a fine sand. Gibbs and Holtz (3) have found that a defi
nite relationship exists between the N-value as deter
mined from the SPT and the relative density of a sand. 
A r elationship between the N-value and the effective 
angle of shearing resistance, which has become widely 
used in foundation design procedures in sands, has been 
reported by Peck, Hanson, and Thornburn (4). 

The Texas sta te Depar tment of Highways-and P ublic 
Transportation (TSDBPT) currently uses a pene t ration 
tes t s_imilar to the SPT for inve s tigation of foundation 
mate r ials encountered in br idge-foundation explor ation 
work. The penet ration test is especially use fu l in in
ve st!gatiol!s in cohesionless soils because of diffi culties 
ln obtaining undisturbed samples for laboratory testing . 
Accordi ng to the Texas foundation manua l (5) "t he de
s ign of fo undations in cohesionless soils is g~ne rally 
based upoo vi s ual cla s sificat ion and penetrometer te s t 
data ." The Texas cone penetrometer (TCP) test con
s ists of dropping a 756- N (170- lbrl hammer 0.61 m/blow 
(2 ft / blow) to dri ve a 7. 6-cm (3.0-in) diam eter cone that 
is attached to the end of the drill pipe. The deta ils or 
the cone penet rometer are shown in Figure 1. The 
penetrometer i s Cirst lowered tc the bottom of the bore 
hole and drl ven 12 blows to seat It in the soil. Then, 
the penet rometer test ls started a nd the number or blows 
(the .1'- value l required to produc_e the next 1 Ct of pene
tration is recorded. 

The objective of the study reported in this paper 

was to develop an improved correlation between the N
value (in blows per foot) obtained by using the TCP 
test or the SPT and the drained shear strength of a 
coheslonless soil . Correlations were developed for 
two types (as defined by the Unified Soil Classification 
system) of soils: 

1. SP-poorly graded sands, gravelly sands, and 
little or no fines and · 

2. SM-silty sands and poorly graded sand-silt 
mixtures. 

SAMPLING PROGRAM 

Correlating shear strengths with penetration test N
values requires that undisturbed sand samples be 
collected and penetration tests be carried out at cor
responding depths at the same test site. This requires 
a sampling procedure in which a relatively large number 
of samples can be recovered and tested with minimal 
disturbance. 

Previously used methods for collecting undisturbed 
samples of cohesionless soils were investigated first. 
Methods such as solidification of the lower end of the 
sample by chemical injection or freezing (6) and 
solidification of the sand before sampliiig by asphalt 
injection or by freezing the soil by the use of a cooling 
mi xture in auxiliary pipes (1) do not always produce un
disturbed samples and are very elaborate and expensive. 
Also, according to Bishop (7), mechanical core retainers 
such as that used in the Deriison sa mpler, cause exces- ' 
sive disturbance in clean sands. 

With the ~.id of personnel from TSDHPT, a sampling 
apparatus similar to a small-diameter Shelby tube 
sample r was developed. This sampling device (see 
Figure 2) consists of a thin- walled sample r that has 
a coupling head to adapt the sampler to the drilling rod. 
A check valve in the coupling head allows the drilling 
fluid to escape while the sample tube is lowered to the 
bottom of the borehole and prevents ~water pressure 
in the drilling r od from forcing the sample out of the 
sampler during extraction. Two vent holes above the 
check valve allow the drilling fluid to drain from the 
drilling rod while the sample tube is being extracted 
from the bore hole. 

The sample tubes were made of either stainless or 
gah'anized steel and had an outside diameter of 44.09 
mm (1. 736 in) and a wall thickness of 1.91 mm (0.075 
in). For minimum disturbance (1 ), it is preferab le that 
area ratio of the sample r not exceed 10-15 percent as 
computed by using Equation 1: 

Area ratio= volume of displaced soil/volume of soil 

= <D! - 0:>10; 

where D. = outside diameter of sample tube and D, 
=inside diameter of sample tube. The area ratio of 

( I) 

t he chosen sa mpler .was 20 pe rcent, very close to this 
limit. In .a preliminary field study, the 254-mm (10- inl 
and 305-mm (12-in) diameter samplers were found to 
perm it the best recovery. 

The borings were made by using a truck-mounted 
Faili ng 1500 rotary-core drilling rig. As the hole ad-
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Figure 1. Details of Texas 
cone penetrometer. 

\"anced through cohesive material, continuous Shelby 
tube samples were taken and selected samples were 
kept for visual observation and unit weight determina
tion. Once the sand stratum from which the undisturbed 
samples were to be taken was encountered, cuttings 
were remol"ed by washing through the Shelbv tube. The 
small-diameter sampler and coupling head were then 
attached to the drilling rod. The sampler was pushed 
in a rapid continuous motion by a hydraulically powered 
pull-down. After extraction from the bore hole, the 
sampler was removed from the coupling head and the 
cuttings at the tof.J of the sample tube were observed. 
Any indicat1on of overpushing was recorded, along with 
the depth or the sample and its visual classification. 
The sample t ube was then sealed on each end, covered 
with paraffin, and packaged for transportation to the 
soils laboratory. 

TEST PROGRAM AND SITES 

The test program was conducted by a TSDHPT soil in
vestigation team in cooperation with Texas Transporta
tion InstH ute personnel. Standard practices of field 
i nvestigat ion as described in the foundation manual (5) 
were followed. The purposes or the field investigation 
were to 

1. Establish the location of the groundwate r table, 
2. Obtain a soil descr iption by visual inspection 

or samples, 
3. Obtain TCP N-values, and 
4. Obtain undisturbed samples for laboratory 

testing. 

After the undisturbed sand samples were obtained, 
the TCP test was performed at corresponding depths at 
each test site. The penetrometer tests were conducted 
in new boreholes located not more than 3.05 m (10 ft) 

·rrom the boles from which the soil samples had been 
obtained. 

Because the boreholes were ad,•anced by using a 
76-mm Shelby tube sampler, samples of the cohesive 
soils could be kept for determination of their unit weight 
when01'er th re was an indication of change in s oil 
properties. The unit weights and moisture contents 
were determined from the Shelby tube samples in the 
com·enlional manner . The Unified Soil Classifications, 
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Figure 2. Cross section of sampling apparatus. 
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moisture contents, and total unit weights of the cohesion
less soils were determined from the small-diameter 
samples. To determine the Unified Soil Classification, 
mechanical sieve analysis and Atterberg limits were 
conducted. 

Five test sites were investigated and eight borings 
were made during the period of September 1974-August 
1975. [Complete laboratory and field data for these 
sites are r eported elsewhere (8).] One additional test 
site was investigated and one boring was made during 
the period of September 1975-August 1976. (Laboratory 
and field data for this site are reported elsewhere (9).J 
The test sites im·estigated in 1974-1975 were located in 
Brazos County near College Station (sites A, B, and C) 
and in Harris County near Houston (sites D and E). The 
test site investigated in 1975-1976 was located in Nuece s 
County near Corpus Christi (site F). 

Typical boring logs for two of the test sites are 
s hown in Figures 3 and 4. Figure 3 shows the log of 
boring no. 3 at te-st site A, where the soil was essentially 
all sand. (Because the penetration resistance is defined 
in terms of U.S. customary units, SI unit s are not gi\·en 
for this quantity and the depth below ground at which it 
is measured in Figures 3, 4, 7, and 8 and in Table 1.) 
Figure 4 shows the log or boring no. 1 at test site D, 
where alternating layers of clay and sand occurred. 
Overall, penetration tests were conducted at depths or 
1.8-21.4 m (6-'iO rt ), and N-\·alues ranged from 20 to 
330 blows/m (6 to 100 blows/rt). 



( 

~ .. 

.-... 

48 

Figure 3. Log of boring 3: site A-TX-30. 
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LABORATORY INVESTIGATION 

The purpose of the laboratory inve s tigation was to 
determ ine the drained shear stre.'lglh of the cohesionless 
samples. The direct shear test was used to determine 
the eCCecti ve ang le of s hearing resistance which, in 
turn, wa s used to calculate the drai ned shear strength. 
First, c ult ini:o;s were remo \·ed Crom both ends of the 
sample, and the total unit weight of the sample remain-
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ing in the tube was determined. Then the sample tube 
was placed in the extrusion de\•ice shown in Figure 5, 
and the direct shear box was inverted and placed O\'er 
the tube. The sample was extruded into the box ur.til 
the end plates made contact with the restraining pins in 
the base of the shear box. The samples were trimmed 
by using a 0.02-mm (0.001-in) thick trimming device. 
The box was then removed from the extrusion device 
and placed upright in the direct shear loading apparatus 
for testing. 

The test setup used for the drained direct shear tests 
to determine the angle of shearing resistance is shown 
in Figure 6. A normal stress was applied on plane a-a 
through the loading frame by a constant-speed motor 
that turned the lower half of the shear box while the 
upper half was held in place by a horizontal arm and thus 
caused a relative motion between the two halves . The 
force required to hold the arm was determined by read
ings on a proving ring. The shearing force was increased 
until the sample failed along plane a-a. Three tests 
were performed at nor mal stresses of 69, 138, and 207 
kPa (10, 20, and 30 lbf/inz ). The shear strength of the 
sample corresponding to each normal stress was deter
mined by dividing the maximum force required to shear 
the sample by the cross-sectional area of the sample. 
A failure envelope was then plotted by using the shear 
stresses at failure and the corresponding normal stresses. 
The angle of shearing resistance Wl is the a ng le between 
the failure envelope and the horizontal. 

In this test, it is necessary .to use a strain rate that 
allows drainage during testing. As noted by Means and 
Parcher (10), a number of im·estigators have shown that 
the strength of a soil tested in the laboratory depends 
"to a remarkable extent upon the rate and duration of 
loading employed in the test." In his text (11 ), Lambe 
states that "rapid shear of saturated (cohesionless) soil 
may throw stresses into the pore water, thereby causing 
a decrease in strength of a loose soil or an increase in 
the st r ength of a dense soil." A sanple of silty sand 
[21 pe rcent passing the 75-µm (no. 200) sieve: from test 
site E was used to investigate the effect of the rate of 
loading, and it was found that varying the strain rate 
from 0.002 to 0.13 mm/min (0.0001 to 0.005 in/ min) 
resulted in a difference in the angle of shearing resis
tance of only 1°. Thus, a strain rate of 0.13 mm/min 
was considered suitable to allow drainage and thereby 
prevent pore pressure from building up. 

Unit weights of both small-diar:ieter and standard 
Shelby tube samples were determined. In general, 
samples taken at approximately equal depths had unit 
weights that were in very close agreement, indepen
dent of the method of sampling. At test sites where 
several consecutive small-diameter samples were 
taken, consistency in the unit weights was observed . 
This consistency was especially noticeable at test site 
E where an obviously dense material (N > 100) was 
encountered; for this test site, the three samples 
tested had unit weights (determined Crom the small
diam eter sample r s) of 21 .49- 21. 62 k.N/rn3 (136 . 8- 137. 6 
lbl/ ft3

), These two factors-the independence of the 
unit weights from the method of sampling and the con
sistency of the unit weights at each test site-indicate 
that the unit weights determined from the small
diameter samplers are of acceptable accuracy. 

The shear strength at depths corresponding to the 
depths at which penetrometer tests were conducted 
was determined by llSing the general Mohr-Coulomb 
relationship: 

s = c ' +a~ tan¢' 
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Figure 5. Cross section of extrusion assembly. 
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s =effective shear strength of soil, 
c' =effective cohesion, 

aTJ' =effective normal stress, and 
¢'=effective angle of shearing resistance. 

For drained tests conducted on cohesionless soils, 
c' = O, and therefore 

s = o~tan ¢' (3) 

The normal stress at a point above the groundwater 
level is equal to the overburden pressure (p), which 
is calculated by using the relationship: 

o~=p=-yh (4) 

where 

aTJ = normal stress, 
Y = unit weight of soil, and 
h = depth below ground surface. 

The stress below the groundwater level, however, 
must be calculated by using the eCCective overburden 
pressure (p'). If it is assumed the pore-water pressure 
is hydrostatic, this can be expressed as 

p' = (-y--y..,)h (5) 

where Ye...; = unit weight of water and h =depth below the 
groundwater le\'el. The shear strength is then calcu
lated by combining the overburden pressure (based on 
averaged unit weights for the soil strata) contributed 
by each soil stratum above and below the groundwater 

Figure 6. Direct shear equipment. 
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level with the effective angle of shearing resistance as 
in Equation 3. 

For various depths at test sites A and D, typical 
average unit weights, angles of shearing resistance, 
shear strengths calculated by using these data and in
formation about the position of the groundwater level, 
and corresponding N-values are summarized in Figures 
7 and 8, respectively. 

DEVELOPMENT OF CORRELATIONS 

The relationship between TCP test N-value (Nrn) and 
'I>' for sand used by the TSDHPT is represented by the 
solid curve shown in Figure 9 (5). As can be seen 
from this figure, this relationship forms a lower bound 
for the data obtained in this study, although the scatter 
in the data does not warrant the establishment of a new 
curve. However, the current relationship is apparently 
conse rvat! ve. 

Based on the data shown in Figure 10, Touma and 
Reese (12) have proposed the following general relation
ship between Nm and the SPT N-value (Nm): 

NsPT = 0.SNTcP (6) 

where Nm and Nrc• are both expressed in blows per Coot. 
Bowles (13) recommends the use of Equation 7 for 

very fine or silty saturated sand (below the water table) 
if the measured penetration number (N) is greater than 
15: 

N;;n = 15 + (l /2)(NsPT - 15) (7) 

where Ns" = adjusted penetration number and Nm = mea
sured penetration number. Equation 7 is based on the 
assumption that Nm is approximately 15 when the in 
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Figure 7. Summary of shear strength data: boring 3--site A. 
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situ void ratio equals the critical void ratio of the soil. 
Also, in fine-grained materials, the coefficient of per
meability is so low that the change in pore pressure 
created by the expansion of the soil impedes penetration 
b)' the split spoon and thus increases the penetration 
number. 

In this study Equation 6 was used to ernluate the NSPT 
\'alues for each Nrc• value obtained from all study test 
sites and, where appropriate, Equation 7 was used to 
determine the adjusted N-value (N;,, ). The N-values 
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Figure 9. Relationship between TCP test N-value and effective angle 
of shearing resistance for SP, SM, and SP-SM soils. 
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and the other significant study data are given in Table 
1. The relationship between Nsn and ¢

1 
(which is wide ly 

used for foundation design in sands) gi\·en by Peck, 
Hanson, and Thornburn (4) is shown by the solid curve 
in Figure 11. A plot of ~•r values versus the ¢'values 
obtained in this study is shown in Figure 12; it would 
appear that the dashed curve is a more accurate lower 
bound for the relationship. However, the dashed curve 
can only be used with the adjusted N-\·alue (N~,r ). 

It has been shown that the shear strength of a co
hesionless soil depends on the angle of shearing resis
tance and the normal pressure acting on the failure 
plane. Means and Parcher (10) have reported that the 
factors affecting the angle ofshearing resistance are 
degree of density, void ratio or porosity, particle size 
and shape, gradation, and moisture content. Because 
the resistance to penetration is also reported to be af
fected by these same factors a'1d especially by the 
normal pressure, a relationship should exist between 
penetration resistance and shear strength. 

The effect of shear strength on penetration resistance 
has been verified by several workers. According to 
DeMello (14), "The shear resistance is the principal 
parameterat play in resisting penetration." Desai (15) 
concluded that shear strength was one of the main fac
tors affecting penetration resistance. Jonson and Kava
nagh (16) have summarized their findings by stating that 
the resistance to penetration is a function of the shearing 
resistance of the soil. 

A plot of the drained shear strength (s) versus the 
corresponding Nrc• value is shown in Figure 13. Least
squares statistical analysis was used to dev€'lop a con
stant of proportional~ty for the two soil parameters. 
The relationship can be expressed as follows: 

s = ~.ONTC:P (SJ 

The coefficient of correlation for this relationship is 
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Figure 10. Correlation between standard penetration X•TEXAS C:ONE PENETROMETER (Blowt/m,) 
and TCP test N·values in sands . 
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Table 1. Summary of N-values, effert've angles 
N-Value (blows N· Value (blows of shearing resistance, and drained shear per foot) per loot) 

strengths. Test s Test s 
Site NTt• N,., N;rr .. (") (kPa) Site Nie• N1P1 N;,, •'(") (kPa) 

A 35 18 
A 60 30 
A 4 2 
A 5 3 
A 9 5 
A 6 3 
A 6 3 
A 20 10 
B 33 17 
c 19 9 
c 18 9 
D 22 11 
0 48 24 
0 33 17 
D 30 15 

Note: 1kP1•0.145 lbf/in'. 

r 2 = 0.67. Equation 8 can be used to predict the drained 
shear strength of these sands if Nr" is known. 

A correlation between s and Nm was also developed. 
Equation 6 was used to convert the measured values of 
Nr c• into the appropriate values of NSPT. The plot of s 
\'ersus Nm is shown in Figure 14. The relationship 
can be expressed as follows: 

s = 3.9NsPT 

The coefficie nt of correlation for this relationship is 
also r 2 = 0.67. 

(9) 

If Equation 7 is used to adjust the Ns-r values where 
the soil conditions :warrant, a correlation can be de-
1·e loped betweens and N~•r. The plot of s versus N;., 
is shown in Figure 15. The relationship can be ex
pressed as follows: 

17 
23 

2 
3 
5 
3 
3 

10 
16 
9 
9 

11 
20 
16 
15 

42.0 39.4 D 80 40 28 41.0 169.2 
40.0 43.1 D 68 34 25 38.5 1&4.9 
36.5 20.3 E 64 32 24 39.0 113.3 
31.5 20.0 E 80 40 28 38.0 173 .9 
37.5 29.4 E 74 37 26 42.0 198.9 
34.5 17.9 F 5 3 3 38.7 18.2 
30.0 19.1 F 2 1 1 31.3 22.6 
36.5 30.9 F 41 21 18 36.3 46.9 
34.0 41.5 F 53 27 21 41.0 64 .6 
36.0 42.3 F 49 25 20 38.5 65.5 
39.0 61.0 F 26 13 13 34.0 61.1 
41.0 81.9 F 24 12 12 35.5 70.4 
40.0 92 .0 F 44 22 19 32.S 67.l 
43.0 110.4 F 56 28 22 45.0 113.0 
37.6 122.4 

s = 5.0NsPT (10) 

The coefficient of correlation for this relationship is 
r 2 

= 0.64 . Therefore, the use of N;•r did not lead to an 
improved correlation. 

FACTORS AFFECTING PENETRATION 
RESISTANCE 

A number of wo r kers have investigated the fa ctors af
fe cting resistance to penetrometer pe netra ti on. Altho ugh 
many \·ariables are in\"olved, a certain amoun t of agrEe
ment exists as to the major ones arrectini; res istance t o 
pe netration in sands . Des ai (15), In an effort to present 
a rational ana lysis of the penetration phenomenon, stated 
that ' 'The dri\'ing of the cone would cause a n upward dis
p laceme nt of the subsoil till a certain depth or s urcharge 

....... 
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pressure is reached which will not permit such displace
ment." He concluded that density, structure, depth, and 
groundwater table will have significant effects on resis
tance. In a study of the SPT in sands, Gibbs and Holtz 
(3) concluded that "The overburden pressures were 
found to have the most pronounced and consistent effects 
on the penetration resistance values." Schultz and 
Knausenberger (17) report that "Dynamic penetrometers 

Figure 11. Relationship between standard penetration test 
N-value (NsPTI and effective angle of shearing resistance for SP, SM, 
and SP.SM soils. 
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Figure 12. Relationship between standard penetration test N-value 
(Ni.PT) and effective angle of shearing resistance for SP, SM, and 
SP·SM soils. 
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react very sensitively to any changes or compactness or 
grain size." 

The consensus seems to be that unit weight, particle 
size, moisture content, and overburden pressure are the 
major factors affecting resistance to penetration in sands. 
This opinion is substantiated by the summary of the con-

Figure 13. Relationship between drained shear strength and 
resistance to penetration (NTcPl for SP, SM, and SP-SM soils. 
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Figure 14. Relationship between drained shear strength and resistance 
to penetration (Nspr) for SP, SM, and SP-SM soils. 
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Figure 15. Relationship between drained shear strength and 
corrected resistance to penetration for SP. SM. and SP-SM soils. 
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clusions or 21 workers given by Bodarik (18); although 
there is not complete agreement concerning the factors 
that have the most effect, there is general agreement 
concerning what factors affect the resistance to dynamic 
penetration in sands. 

The effect or overburden pressure on penetration 
resistance is probably best explained by Bodarik, who 
states that 
. . 
The stress caused by the weight of the overburden presses the particles 
together and greatly delays their displacement during penetration. 
Since compressive forces in sands are transmitted from grain to grain 
through points of contact, increases in earth pressures. even in loose 
sands, cause an appreciable increase in density and affect the results 
of the sounding. 

Some field observations have confirmed the effect or 
overburden pressure on the results of the SPT. Fletcher 
(19) reported that the removal or 4.6 m (15 ft) of over
burden from a sand deposit will "relieve pressure 
noticeably and thus affect the N-\·alue at shallow depths 
by underestimating relati·ve density and hence the bear
ing capacity." Attempts have been made by various 
workers [for ex-ample, Bowles (13)] to correct the N
value at shallow depths to include the effect of overbur
den. Gibbs and Holtz (3) have shown that "for two 
cohesionless soils of the same density, the one with the 
greatest overburden pressure has the higher penetration 
number." Se\·eral cases were observed in this study 
where N-values increased with increasing overburden 
pressure. However, variations in other factors may 
also have affected the resistance to penetration. 

Terza'"'hi and Peck (20) have suggested that, in loose, 
verv fine 

0

or siltv sandsbelow the groundwater level, 
positive pore-w~ter pressures might develop in the 
soil due to dvnamic application of the load and the low 
permeability of the soil. According to Sanglerat (21), 
"These positi \•e pore-water pressures would reduce 
the shearing resistance of the soil which opposes the 
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penetration of the sampling spoon; hence, the standard 
penetration value or these loose soils would decrease 
upon submergence." On the other hand, for dense, 
\•ery fine or silty sands, the penetration test might 
induce negative pore-water pressures that would in
crease the resistance to penetration and thus increase 
the N-value. The effect of the groundwater level was 
noted at two test sites in this study. In neither case 
could a definite conclusion be drawn concerning the 
effect of the groundwater level on the N-value because 
or the variations in other factors that affect the resis
tance to penetration. However, an increase was ob-. . 
served in the resistance to penetration of relatively 
loose materials below the water table, which is not in 
agreement with the statement made by Terz~hi and 
Peck. 

Another factor thought to ha\•e a major effect on the 
resistance to penetration is particle-size distribution . 
According to Desai (15 ), ''Grain size distribution has a 
considerable effect onthe penetration resistance for a 
given relative density." Because it has been shown 
(3, 22) that penetration resistance can be related to rela
ffvedensity and relative density is a function or particle 
size, it can be concluded that particle size does have an 
errect on penetration resistance. A sand composed of 
a large amount or gravel, according to Desai, will ha\·e 
a relatively low resistance to penetration, because the 
round gravel will act like ball bearings and thus reduce 
friction and penetration resistance considerably. Sands 
that have a large amount or fine material will e>.-perience 
positive or negative pore-water pressures (depending 
on the state of compactness), which will result in in
creases or decreases in the N-values. In natural sand 
deposits wnere the particle-size characteristics are not 
uniform, the effect of particle size is not so easily 
determined .. As in the case or unit weights, it is sus
pected that the particle size will affect the N-value, but 
this effect is not obvious. Several situations were en
countered in this study in which the penetrated soil had 
a large percentage of material passing the 75-µm (no. 
200) sieve and correspondingly high N-values. However, 
other factors (such as overburden pressure, position of 
the groundwater table, and unit weight) were not constant 
among these situations and, thus, the cause of the in
creased N-value could not be attributed to any one factor. 

CONCLUSIONS 

The relationship between the drained shear strength and 
the resistance to penetration of cohesionless soils was 
studied by the use of new techniques in sampling and 
testing. The following conclusions are made: 

1. The TCP test N-value (Nrc•) and the drained shear 
strength (s) or poorly graded and silty sands (SP, SM, 
and SP-SM) can be correlated by using Equation 8. 

2. For the same sands, the SPT N-value (NSPT) and 
the adjusted SPT N-value (N~n) can be correlated with 
the drained shear strength (s) by using Equations 8 and 
9, respectively. 

3. The relationship between the effective angle of 
shearing resistance (¢') and the Nrc• currently used 
by the TSDHPT was found to be a lower bound for the 
data obtained in this study. 

4. A widely used relationship between ¢'and N.., 
was found to be a lower bound for the data obtained in 
this study; a new lower-bound curve was developed 
based on. the relationship between ¢' and N~.,. 

5. Other factors that might affect penetration 
resistance in a cohesionless soil (e.g., overburden 
pressure, unit weight, particle-size characteristics, 
and position or the groundwater le\•el) were also con-



I 
I 
; 

54 

sidered in this study, but no correlations or trends 
were established. Rather, it is shown that, in a field 
study such as this, control of indi vldual factors is not 
possible. Therefore, because individual factors 
cannot be separated, it is probable that interaction oc
curs and a combination of several factors actually af
fects the resistance to penetration. 
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·>·Prediction of Permanent Strain in Sand 
Subjected to Cyclic Loading 
Rodney W. Lentz and Gilbert Y. Baladi 

The tll!nd 1oward ever·increasing axle loads on highways and airport pave
ments requires that new methods for pavement design and rehabilitation 
be developed. This paper introduces a simple and economical procedure 
wtiet"eby permanent strain in sand subjected to cyclic load.ing can be 

characterized by using stress and strain parameters from the universally 
accepted static triaxial test. To develop the procedure, duplicate samples 
were tested by using both a static triaxial apparatus and a closed-loop 
electrohydraulically actuated triaxial system. The dynamic test results 
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were normalized with respect to parameters obtained from the corres
ponding static test. The normalized cyclic-principal-stress difference 
showed a unique relationship to the normalized accumulated permanent 
stra in that was independent of moisture content, density, end confining 
pressure. Benefits to be gained by use of such a simplified procedure in· 
elude significant saving of laboratory t ime and energy, as \Wll as reduced 
equipment and personnel costs. Also, practicing engineers are more 
likely to accept the use of rational design methods if they have available 
a simple test procedure to characterize material behavior. 

The trend toward ever-increasing axle loads on highway 
and airport paveme·nts has revealed the inadequacy of the 
currently used empirical methods for the design of flex
ible pavements. These methods are usually based on 
correlating pavement performance with some empirical 
test (such as the Otlifornia bearing ratio or stabilometer 
measurements) that categorizes material strength or on 
the use of limiting subgrade-strain criteria derived from 
elastic-layer theory (1). Such methods lack the ability 
to predict the amount of deformation that will occur after 
a giyen number of load applications when the loading ex
ceeds the range for which performance data are avail
able. Because soil behaves in a nonlinear fashion, per
formance under higher levels of loading cannot be ex
trapolated from performance at lower load levels. 

Several rational methods of pavement design have 
been proposed to over.come this deficiency. These meth
ods are usually quasi-elastic (elastic theory is used to 
predict stresses, and permanent strains are determined 
by repeated-load laboratory tests) (1), Other methods 
combine viscoelastic theory with labOratory testing (2, 3). 
To be useful, these methods must have the capability-of 
predicting the cumulatiye permanent deformation that 
will occur as a consequence of traffic loading, which re
quires the development of an adequate method for char
acteri.Zation of permanent strain (3, 4). Further, these 
methods should be simple and economical and not require 
complicated or expensive new equipment or testing pro
cedures. This paper describes such a method. 

BACKGROUND INFORMATION 

The parameters reported to affect the accumulation of 
permanent strain in cohesionless materials include num
ber ef load repetitions, stress history, confining pres
sure, stress level, and density (1, 3, 5-9). 

The effect of the number of loadrepetitions on per
manent strain has been studied by several im•estigators, 
some of whom have indicated that the relationship is a 
straight line on a semilogarithmic plot (6) and others that 
it is a straight line on a log-log plot (1).- The effect of 
stress history is reported to be a signlficant reduction 

Figure 1. Particle-size 
100 distribution curves: 
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in the amount of permanent strain experienced under 
subsequent loading (8). It has been reported that, for a 
given diiference in cyclic principal stress, increasing the 
confining pressure decreases the permanent strain 
(5, 6, 9). For a constant confining pressure, the per
manent strain after a giver number of load cycles has 
been found to depend directly on the magnitude o! the 
principal-stress difference (5, 6). It has been shown that 
curves of cyclic stress versus permanent strain are 
analogous to static stress-strain curves (6) and that they 
can be described by using hyperbolic functions developed 
for static test results (10, 11). A reduction in density 
has been shown to causeanTncrease in permanent strain 
accumulation (~, 12). 

TESTING PROCEDURE AND 
EQUIPMENT 

\ 

The material used in the testing program was a uniform 
medium sand typical of that found in the r.orthern half of 
Michigan. For verification purposes, a few tests were 
also conducted on samples of a fine stamp sand (crushed 
rock from a stamp millL Particle-size distribution 
curves for both materials are shown in Figure 1; the 
results are described in greater detail elsewhere (13). 

Drained, cyclic triaxial tests were run on 51-mm 
(2-in) diameter by 137-mm (5 .4-in) long samples com
pacted moist. Identical samples were tested under 
drained, static triaxial conditions to obtain stress-strain 
curves for use in normali.Zing the dynamic test results. 
For both the static and the dynamic tests, loads were 
measured by using a load cell mounted directly beneath 
the sample base, and deformation was measured by using 
a linear variable differential transformer mounted across 
the length of the sample (14). The loading system con
sisted of a closed-loop electrohydraulic actuator oper
ated in the load-controlled mode. The cyclic triaxial 
tests used a sinusoidal wave form having a frequency of 
1 Hz and were conducted to at least 10 000 cycles. Three 
levels of confining pressure (u5) and two levels of density 
were used. For each combination of these variables, 
several levels of cyclic principal stress difference (a 6) 

were used. Because stress history has a large influence 
on permanent strain, each combination of variables re
quired a new sample. 

The static triaxial tests were performed by using the 
triaxial cell used for the dynamic tests. Loads were ap
plied gradually in increments of approximately 10 per
cent of the estimated sample strength [as suggested by 
Bishop and Henkel (15) 1 by using the electrohydraulic 
actuator. As the failure stress was approached, the 
size of the load increment was reduced to allow for a 
reliable determination of strength. Each load increment 
was maintained until the rate of strain had become very 
small before the deformation reading was recorded, a 
procedure that was expected to produce the same stress
strain curve as would conventional constant-strain-rate 
triaxial equipment. 

TEST RESULTS 

The samples for the cyclic triaxial tests were compacted 
moist to 99 percent of the maximum dry density as de
termined by AASHTO T180, and the tests were run at 
confining pressures of 34.5, 172.4, and 344.8 kPa (5, 
25, and 50 lbf/in 2

). The change in permanent strain is 
large during the first few cycles of load but then grad
ually decreases. Thus, the data can conveniently be 
presented as plots of permanent strain versus logarittun 
of nWl1ber of load cycles that, as shown in Figure 2 for 
the results obtained for a 3 = 34.5 kPa, can be approxi
mated by straight lines. A least-squares technique can 
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Figure 2. Effect of cyclic-principal-stress 
difference and number of load cycles on 
permanent strain at constant confining 
pressure: highway subgrade sand . 
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then be us ed to determine the best -fit straight line 
through each set of data. The equations of the lines 
have the form 

Ep =a+ b lnN 

where 

£~ = accwnulated permanent stra·in, 
N -= nwnber of load repetitions, and 

a and b ;. regression constants. 

(I) 

The constant ·a r epresents the permanenl strain occurring 
during the first cycle of load, and the constant b r epr e
sents the rate of change in permanent strain with in
creasing number of load repetitions. 

Typical results of a static triaxial test are shown in 
Figure 3. 

DISCUSSION OF RESULTS 

The results of the cyclic tests can be presented in the 
form of plots of a! versus £,at any given N. This was 
done for three values of a! and N = 10 000 (see Figure 4). 
This figure makes the significant effect of a 3 obvious . 

Axial Strein (x l0- 4) 

Thus, the effect of a 3 and/or ad on the static strength 
was studied by normalizing the value of o-~ for each cyclic 
test by dividing it by the peak strength (SdJ of an identical 
sample tested at the same value of o-, under static tri
axial conditions (see Figure 5). This normalizing pro
cedure draws the curves closer together and reduces, 
but does not eliminate, the total effect of o-.. This, how
ever, suggests the possibility that normalizing the per
manent strain to some reference strain obtained in the 
static triaxial test could eliminate the effect of a~. The 
criteria for such a reference strain value are that (a) it 
should contain the plastic deformation characteristics of 
the sand under the given test conditions ·and (b) it must 
be a well-defined value that can be reproduced by dif
ferent operators . Based on these criter ia , the s tatic 
strain at 9 5 percent of peak strength (£0.m) was s elected 
as the reference value. At this load, a large amount of 
the total strain is permanent and thus represents the 
plastic characteristics of the material. However, the 
curve is still rising, steeply enough so that the strain 
value is well defined. The method for determination of 
£0.955 is illustrated by the dashed lines in Figure 3; each 
combination of cr 3 , moisture, and sample density will re
quire a separate static stress-strain curve to obtain the 
normalizing parameters (S1 and £11.9os•). 
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When the cyclic permanent strains shown in Figure 5 
were normalized by dividing by cv_955J, the curves col
lapsed to produce a single curve as shown in Figure 6, 
which also shows additional normalized results for 
samples at a lower density. It should be noted that, al
though the points plotted in Figure 6 represent samples 

Figure 4. Relationship between cyclic-principal-stress 
difference and permanent strain at N s 10 000. 
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tested at three different confining pressures and two 
densities, the data can be reasonably represented by a 
single curve. The significance of this is that this curve 
and the results of a static triaxial stress-strain test 
allow the prediction of the permanent strain after 10 000 
cycles at any level of cyclic-principal-st ress differ ence . 

Because it has been shown (6, 16) that cyclic str~ss
permanent strain curves can be described by hyperbolic 
functions, a least-squares procedure was used to de
termine the best-fit hyperbolic curve for the data shown 
in Figure 6. 

To verify that this curve applies to material other 
than the subgrade sand used in the testing program , .. 
several tests were performed on the crushed s tamp sand, 
which had a finer gradation than the subgrade sand, as· 
well as a different mineralogical compos~tion and a muc~ 
!llOre angulp.r particle shape. Due to its particle shape, 
at the same effort, the stamp sand compacted to a much 
lower density than the subgrade sand. Cyclic and static 
triaxial tests were performed on samples of stamp sand 
at confining pressures of 34. 5 and 172 .4 kPa, and the 
data were normalized by using the procedure described 
above. The results, which are shown by the solid 
squares and solid circle in Figure 6, indicate that the 
procedure may be applicable to a range of cohesionless 
materials. 

172.4 
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C a 3 • 172 .4 kPa 

0 c 3 = 344.8 kPa /;.r .. 
> ..... Note: 1kPan0.145 lbf/in2. 

Figure 6. Relationship between 
normalized cyclic-principal-stress 
difference and normalized 
permanent strain at N = 10 000. 
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BENE FITS TO PRACTICING 
ENGINEERS 

In practice, the use of the material characterization 
procedure described in this paper could r esult in sig
nificant saving of laboratory time and obviate the need 
for expensive testing equipment. Also, rational pave
ment design methods that require characterization of 
permanent strain behavior are more likely to gain quick 
acceptance by practicing engineers if a simple test 
method ls available. 

Work Ls continuing on the development of a general 
constitutive equation that will require only the stress
straln results from static triaxial tests to predict ac
cumulated permanent strain after any number of load 
cycles. Also, applicability to a wider range of sub
grade soils, including cohesive ones, is being tested. 

CONCLUSION 

This paper has presented a simple procedure for char
acterizing the permanent strain behavior of cohesionless 
subgrade material by using stress-strain curves obtained 
from static tri.axial tests. More research is needed to 
extend the procedure to a wide1· variety of subgrade ma
terials and to develop a general constitutive equation for 
predicting permanent strain. 

The adoption of this procedure in practice will save 
both laboratory time and money in meeting material 
characterization needs. 
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·Rock-Slope Stability on Rail 
Transportation Projects 
C. O. Brawner 

This paper summarizes the factors that contribute to instability of rock 
slopes. outlines methods of control of lnnability, and descriMs examples 
of insta bility and stabi liz-ation. The factors that cont ribute to instability 
of rock slope include geologic conditions, groundwater, climatic condi· 

tions, blasting ettects, train vibration, and earthquakes. The methods of 
control considered include (a) stabilization by excavation or resloping, 
drainaQe, surface stabilization, and construction oI support systems; 
(b) protect ion : and (c) construction of warn ing systems. 
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In recent years, there has been a gradual increase in 
traffic through the western mountain regions of Canada 
and the United States. For example, traffic on the 
canadian Pacific Railway in western Canada has almost 
doubled since 1968. ' 

Much of the railway is constructed in rough, moun
tainous terrain, and many high soil and rock cuts exist. 
n might be expected that, because most of the cuts on 
the railway are from 50 to more than 100 years old, the 
slopes would now be stable. However, the increases in 
frequency, weight, and length of trains in the past decade 
have increased the vibrational stresses in the trackside 
slopes. As a result, unless rock-slope stabilization 
programs are carried out, rockfalls and slope failures 
will occur more frequently and be more severe. 

A number of recent rock-slope failures have caused 
train derailments and loss of life. The courts in Canada 
no longer accept rockfalls and slides as acts of God. 
Such events are considered to be predictable and con
trollable. 

Fortunately, our understanding of rock mechanics and 
rock-slope stability has increased greatly in the past 15 
years (J-4). It is now eco.nomically and practically 
feasible to locate potential areas of rock instability and 
to develop rational and practical programs to improve 
stability. 

This paper summarizes the factors that contribute to 
instability of rock slopes, outlines methods of control of 
instability, and describes examples of instability and 
stabilization. 

FACTORS THAT INFLUENCE THE 
STABILITY OF ROCK SLOPES 

Rock-slope stability is influenced by many factors. Any 
program selected for stabilization must take into con
sideration the cause of instability, the delays that will 
be cre.ated during the stabilization program, and the cost 
of stabiliZation. 

The assessment of stability must be based on the 
geologic, hydrologic, climatic, topographic, rail traffic, 
and environmental conditions at the specific site. Fre
quently, geologic conditions are the most important fac
tor and, because such conditions frequently differ greatly 
oyer short distances, each rock slope must be investi
gated individually. 

1. Geologic conditions: Rock that is sound or has 
randomly oriented joints that are discontinuous over 
short distances will stand vertically for considerable 
height. For example, for a soft intact rock, vertical 
slopes of up to 1200 m (4000 ft) should exist. In nature, 
vertical slopes of this magnitude are unusual. Weak
nesses in the rock-faults, shears, joints, bedding 
planes, zones of weathering, hydrothermal alteration, 
and such-control the maximum height and angle at which 
the slope will be stable. When weaknesses exist, the 
most important factor is the orientation and dip of the 
discontinuity relative to the orientation of the slope face. 
The most serious type of problem is that of weaknesses 
or combinations of weaknesses that dip out of the slope. 
If the shear strength along the discontinuity is exceeded, 
failure will occur. The shear strength is influenced by 
the roughness along the discontinuity and the presence 
of weak material (fault gouges, altered infills, calcite 
stringers, and such). 

2. Groundwater: The frictional force developed along 
a potential failure surface is proportional to the normal 
force acting on that surface. If water pressure exists 
in the discontinuity, the normal force is reduced by that 
pressure. II the water table is near to the ground sur
face, the factor of safety of a rock slope is about 35 
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percent less than if the slope is well drained. 
3. Climatic conditions: The major effects of the 

weather on slope stability (other than changes in ground
water levels) are due to the combination of freeze-thaw 
and wet-dry cycles and to chemical alteration. When 
water accumulates in a crack and freezes, the expansion 
force can be sufficient to develop raveling and rockfalls. 
Thus, instability is normally greatest during the freeze
tbaw and snowmelt periods in the spring. 

4. Blasting effects: The excavation techniques used 
for transportation construction up until 5-10 years ago 
gave little consideration to the effects of blasting on the -- .. -
rock. The amount of explosive detonated at one time 
should be controlled to minimize particle acceleration - · ..._ 
forces. This can be done by using delay !uS'es. Re-
ceRtly developed preshear and cushion techniques allow 
rock slopes to be excavated to steeper inclinations that 
have lower long-term maintenance requirements. Figure 
1 presents a comparison of the effects of blasting tech
nique. The slope in·the upper portion of the picture was 
excavated by using a controlled preshear technique, While 
that in the lower portion was excavated by a mass-volume 
technique in which widely spaced, heavily loaded l;loles 
were used. 

5. Vibration: Vibrational stresses caused by train 
traffic can lead to rockfalls and slope failures. The 
frequency and magnitude of the vibration influence the 
stability. Unit trains have more uniform frequencies, 
and the increasing length of these trains increases the 
length of time during which the vibration occurs. Re
placement of wooden ties by concrete ties, which trans
mit more of the vibration to the roadbed, tends to in
crease the amount of rockfall. 

6. Earthquakes: Much of the western portion of 
North America is in an earth.quake zone of mode.rate to 
high potential. The current state of the art does not al
low accurate prediction or warning of earthquakes. 
Earthquakes can cause m:.jor slides in rock; for ex
ample, an earth.quake having a magnitude of 7 .5-8.5 on 
tbe Richter scale caused a slide on the Madison River in 
West Yellowstone, Montana, and one having a magnitude 
of 3.2 caused a slide 16 km (10 miles) east of Hope, 
British Columbia, on Highway 3. 

Types of Rock Instability 

n is essential to define the types of failure that present 
the greatest hazard to a transportation facility. The 
types of instability and their associated causes are sum
marized in Table 1. 

Evaluation of Rock Stability 

The evaluation of rock stability is most effectively tjone 
in two stages. In stage 1, the relevant geologic, topo
graphic, climatic, hydrologic, and traffic data are 
gathered; a site inspection is made; and site mapping 
is carried out. Frequently, evaluation of these data ob
tained will be sufficient to assess stability. 

When the initial study indicates a potential for large
scale failure or for a failure that could have serious 
consequences, more extensive (stage 2) investigation is 
usually necessary. This may include drilling boreholes 
and orienting the core by down-the-hole photography, 
borehole periscope, or other means. Direct shear tests 
on joints or infill material, determination of water pres
sure in the joints by the use of piezometers, and the per
formance of stability computations will often be re
quired (!). 
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METHODS OF CONTROL 1. Stabilization, 
2. Protection, and 

There are three approaches that can be used separately 
or in combination in the development of a realistic pro
gram to control stability: 

3. Warning systems. 

The pr ime respons ibility is to provide a practical 
degree of safety a t a justiiiable cost. It must be recog
nized that it is physically imposs ible to protect against 
all possible fa ilw-es . It is l'lOt economical or pr actical 
to locate or predict all of the potentially unstable areas. 
The cost of providing 100 percent safety is extremely 
high. 

Figure 1. Comparison of etfecu of different 
blasting procedures. 

1. Stabilization: Stabilization of rock slopes is done 
where the caus e and extent of the failure can be defined 
and the cost of the stabilization can be justified. A 
stabilization program must be based on a definitive site 
investigation . The types of stabilization procedur es in
clude (a) excavation or res loping, (b) drai nage (sw-face 
and subsurface ), (c) stabilizat ion of the surface, and (d) 
support system (see Table 2). 

2 . Protection: Protection involves the prevent ion of 
rock from falling on the track. Where the volumes of 
falling rock are large and the volume of traffic is heavy, 
the use of expensive procedures (such as tunnels or rock 
sheds) can be just ified, In other areas, slope or ditch 
treatment will frequentl y be sufficient . 

One of the most effective protection procedures is the 
use of a deep inner-ditch catchment or, alter nat ively, 

Table 1. Types and causes of instability. 

l'Jpe of IDBtability 

Roel< allele 

Block or wedge !allure 

Rockfall 

Frequency ol Occurrence 

Rare 

Inlrequent 

F r tquent in steep blocky rock; inlreque!\l in 
massive rock 

Associated Causes 

Geological weaknesses that bound t• rge rock vol umes dipping out or 
the s lope; weathered rock; high waler press:\lres; eanhquakes; 
over•teepenlng or s lope 

Ceologle>I weaknesses that bound blocks or wedges or ro<>l< : hf~h 
water presoures : adverse c.llm>lic condi t ions: vlbr:llloM rrom 
blasting or truffle ; earthqu•.ku; root wedg-ing 

Weathering ; temperature ch2nges : freezing and tha•••lng: .... eit nj; and 
dry lns: .. ·ater pressure In j~f nts: root v.·ed ' ng: joints ths t di;> O'Jt 
ol lhe •lope: 11'2Jlic ••lbrollon; weak goui;es In taul:s 2nd .near 
z.ones lht dip oul or slope; poor blasting cont n1l 

RUlllling slope: boulders and 
talus 

Frequent in areas of talus, till slopes, and 
coarse gravel slopes 

Slopes that are cul steeP<1r than the •ni;lc or rep <.'se: e'osion that 
undE"rcuts bouJdf.rs or more resist.ant rock 

Debris avalanche 

Slope erosion 

lnrrequent 

Frequent in areas or high precipitation; more 
freq uent on new construction 

Slides and trees lblll fall into gullies or are carried by waler and 
snowslides; extreme snowmelt or rainfall 

Heavy to very he3vy precipitation or snowmelt on exposed slopes; 
•lopes that are cut steeper than angle or repose; existence or Cine
grained soils rn slope 

Table 2. Types of stabilization procedures for rock slopes. 

Type of Stabilization 

Excavation 

Drainage 

Surface stabiliution 

s..pport syolem 

Note: 1 m "' 3 28 It. 

Example 

Scaling' 

Slope nattening 

Runorr diversion 
Subsurface drainage' 

Ice glacier reduction 

Shotcrete plus wt re mesh 

Ory r ock wall on •lope 
Butt resses' 

Rock bolts and cables' 

Rock dowels' 
Bolted wire mesh 

•Sft F i~re 2. "SH Fi~n J. ' See F 19ure 4 

Comments 

Applicable to rock faces that have Infrequent, random 4 oriented geologic discontinuities; req..ilres carelul 
use or explosh•es as vibn.t ion mtl}' loosen other rocks 

May require removal oC rock promontories or larger blocks by drltlir.g and blasting; ohould have parallel 
drill holos wherever possible · 

Cln be- used who.re excessive rockfalls occur or where joints or bedding dip out or slope; requires benches 
w!dc enoush lo clean out as rock foiling rrom aw••e may bounce from debris-lilled bench onto roadbed or 
track 

Should be used where water runs O•<'r th e race : may require llnJns or ditches 
Commonl)' uses horlzonlll drain holes drilled Into the •lope on 3- to 8·n1 centers to dlat•ncu or ot le>.sl 12 

m (but not more lh3 n one- fourth or the slope belght ); requires use or perloraled pl•.rlc pipe ii holes col
lapse a-nd or lnsWaUon or heatlnti II tee glaciers develop 

Uses horizontal dnin holes to Intercept sfope·l:u:e seep"gt thol w II rrceze : may requlr~ radiant heaters 
on polts lo control the freez ing 

C•n be used to mlnirnlz~ furl her slope-race deterior:itlon a nd seal C"Jlosed joints: oppll c•.hle to blocky 
s lopes : requires Iha.I sur!3C~ lie.cleone<l and wetted before appUtalfon and frequent d••ln ~penlng • b<! left : 
normally ; cm lhltk 

Used where rock is \·ery blocky and the blocks are small; size oC wire mesh depends on rock conditions 
and slope height 
~n be LlSed where shallow rock or soil slopes are raveling to provide support j will ~ lree draining: 
Can be used to support large vdumes of rock that would otherwise require excavation or where key rocks 

retain large \'olumes above; may require reinforcement or anchor grouting to the rock mass 
Can be used to tie key rocks that, iC remo\·ed. would unde·rrnine support for other rocks; should be ten

sioned and then grouted Cull length to develop long-term stability and to protect against corrosion; may be 
used i r. conj unction with shale re le 

Can ~ ~routed into drill holes-located at toes or rock blocks to prevent sliding 
Can be ;.ised where large areas of rock £:ice contajn blocky jointed rock; requires corrosion-resistant mesh 

' See Figure Sc 
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Figure 2. Scaling and trimming of rock face to 
improve stability. 

Figure 3. Drainage control: (a) horizontal drain installation 
and (b) installation of drain. 
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catch walls can be constructed. One of the most efficient 
and economical types of wall is the gabion wall, which 
can be varied in height and is flexible under impact (see 
Table 3). 

3. Warning systems: Warning systems are used 
where occasional falls are expected but the cost of pro
tection or stabilization would not be justified. 

The most commonly used warning system is the elec
tric fence connected to the signal system. With this 
method, the probability that the locomotive engineer will 
have sufficient warning to stop in time is less than 100 
percent. Also, if the fall occurs while the train is_ be- _ 
tween signals, the engineer will not be warned, and 
those slides that are caused by train vibration will bit 
the train behind the locomotive. Radio transmitters con- .._ 
nected to the fences increase the warning time. 

"rn the winter, ice a~d snow frequently cause the wires 
to break or short-circuit. The use of combined heating 
and signal cable can reduce this problem. Considerable 
research is being carried out to improve warning sys
tems. Programs include vibration meters, robot pa
trols, television monitoring, guided radar, and laser 
detection. 

Figure 4. Shotcrete treatment to stabilize blocky 
rock slope above tunnel. 

Figure 5. Support systems: (a) concrete buttress to support massive rock slab, (b) rock bolts to stabilize rock block, and (c) dowels 
roncreted into shallow boreholes to resist sliding block. 
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Table 3. Types of protection measures for rock slopes. 

Type ol Protection 

Slide sheds" 

Tunnels 

Relocation or alignment 
Slide channels and bridges 
Slape treatment 

Ditch treatment 

Catch walla • 

Catch leoces 

Debris fences 

Slide diversion channels 

•s. Figure e. "Sot Figuro 7. 

Example 

Catch berms 

Wire mesh blankets" 
Deeper ditchesc 

1 See Figunt 8 
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Comments 

Can be constructed wh~re slide or avalanche runs are well qeCined and slides occur Creq1Jently to carry 
debris o-..·er tap or tr~ck 

C:an oUer sa(e condit hins 'Nhe re rock 9IOpt-!S are very irregular, sterp, or dangerous; mly require 
Jin!~ fn raulled or ad.,er~rl y jointed rock and special drainage procedures II wet conditions are en
counlcred 

Should be considered where slide conditions are severe 
Can be coru11ruc1ed where sl de 1rack.s cross r1>.llway no"'r track level 
Can be exca-.ted along buc o( rock cll!Cs on talus, 11:1 , or soil slopes. lo lnterce·pt rolling rock; must 

be wide enou~h ror perlOdlc c leani ng 
Can be draped over a slope lh l>.t Is n:vellng lo control surlace !alls 
Can be ~sed 10 c:uch rocks lh1>.l rol l or !all rrom above (Sl; should be cut vertical II this angle ts atallle; 

should be wide enough to be cleaned mechanically -
Art ellecllve when located on Inner side of ditch ; should have vertical b.ack faces ; because concrete 

walls ate rigid and may be d~maged by l>rge roe.ks, gab!on walla, which are le as exp~n.slve and 
more flexlble, aro preletred 

Can be lnst•lled along Inner dltchu to catch rolling re.ck; lor larger rocks, scn>p rail can be welded 
horlzonlally; arc cosily to maintain 

Can be constructed from steel rails in creeks and gulUes that periodically cany debris, logs, bruah, 
and such · 

Cao be constructed where slide chaMels exist and adjacent room la available to direct elides away 
from track 

Figure 6. Wooden and concrete rockslide sheds to carry frequent 
rockfalls over track. 

figure 8. Catchment ditch. 

Figure 7. Wire mesh over raveling rock slope to prevent rockfall into 
grade. 

New Construction 

New construction and Teconstruction sometimes require 
rock excavation. In the past, the general practice was 
to specify that new slopes in rock be cut to 0.25:1 and 
that shallow V-type ditch.es be u.sed. These slopes were 
not desii;;ned according to the strength or quality of the 
rock. Current knowledge of rock mechanics, however, 

Figure 9. Catchment design using gabion walls. 

makes it possible to determine the stable slope angle 
with reasonable certainty and at a reasonable cost. 

Where the rock strength or the geologic structure are 
favorable, rock slopes can and should be cut vertically. 
This will reduce quantities, allow the use of wider 
ditches, and result in ,rockfalls that drop vertically into 
the inner ditch rather than bouncing or rolling onto the 
track (see Figure 10). However, where geologic struc
tural weaknesses dip out of the slope at an angle steeper 
than the effective angle of friction, the slope should be 
cut to this angle only. 

Controlled blasting by using preshear or cushion tech-
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niques should be used for the excayation of all rock 
slopes to minimize the damage to the rock in the slope 
from seismic acceleration forces (which can break rock 
and open joints for many meters back from the slope) 
(see Figure 11). 

Typical Rock-Stability Assessment 
Program 

To illustrate a working approach to the development of 

figure 10. Design for rock slope. 

\ 
I 

Note: Rock w1I ! generolly be retained on slopes 
tlat!er tiiar. the approximate angle of 
repose. 

Ditch 

Figure 11. Comparison of rock slopes cut by using controlled venus 
uncontrolled blasting techniques. 

Figure 12. Effect of a major rockfall from zone of 
fractures and weathered rock. 
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a rock-stability program, the program developed for the 
Canadian Pacific Railway on more than 2400 km (1500 
miles) of t r ack is described . 

In stage 1, a variety of air photographs, topographic 
maps, climatic data, anc! railway plans were reviewed. 
This was followed by an inspection of the cut slopes by 
a division engineer, a roadmaster, or an assistant road
master. The stability of the slopes was then rated into 
five categories according to an estimate of the probability 
of failure based on the geology and rock conditions, slope 
geometry, ditch dimensions, hydrology and slope seep
age, and past experience with slides or f~lls at the site: _ 

1. Moderate probability of a failure of sufficient vol-
wne to cause derailment if undetected, '• 

· 2. Some probability of a failure of sufficient volwne 
to cause derailment if undetected, 

3. Moderate probability of a small-volwne failure 
that might reach the track, 

4. Moderate probability of a localized rockfall during 
extreme climatic conditions such as very heavy rainfall 
or runoff or an extreme freeze-thaw cycle, and 

5. Slight possibility of a localized failure under ex
treme climatic conditions (generally shallow cuts), 

A program was instituted to record all slides and 
rockfalls large enough to be dangerous to train traffic. 
This included data on time, location, size, sight visi
bility, weather conditions preceding movement, type and 
size of movement, estimated cause of movement, prob
lem created, and action taken. Areas of more frequent 
occurrences were investigated in detail on a priority 
basis to assess the nee_~ for and method of improving 
stability.- Finally, a lecture and site-inspection work
shop was prepared and attended by engineering staff, 
roadmasters, and foremen, and numerous case examples 
were reviewed. 

In the stage 2 program, priority areas for stabiliza
tion were established, a detailed inspection was made 
of each, stabilization requirements were defined, and 
specifications were prepared. Construction has begun 
on these priority areas and will continue until the annual 
budget allocation is expended. At that time, further pri
ority areas will be defined to establish the next year's 
program. 

EXAMPLES OF INST ABil..ITY AND 
STABILIZATION 

Figure 12 shows the effect of a major rockfall from a 
zone of fractures and weathered granite. This fall was 
precipitated by very heavy rainfall that increased the 
water pressure in the rock discontinuities. The rock 
fell across a highway, broke a concrete wall, and then 
fell onto the rail track below. The lead engine of a train 
hit the rockfall and derailed. Stabilization of this area 
involved removal of the remaining weathered rock and 
rebuilding the wall. The addition of horizontal drain 
holes to relieve the water pressure would have been de
sirable. 

Figure 13 shows the results when a unit train hit a 
rockfall having a volume of about 11 m 3 (15 yd3

) on a 
curve . The train was derailed, and the engines and sev
eral cars went over the bank. The cause of this rockfall 
is s hown in Figure 14-sliding on a soil-infilled joint (a) 
that dipped about 45° out of the slope of a block bounded 
by two through-going joints that were steeply inclined 
(b and c) a nd partially filled with calcite. Factors that 
contributed to the failure were the presence of the ad
versely dipping joints, a soil infill that became saturated 
by heavy rain, and train vibration. In this case, the 
slope was stabilized by selective scaling, installation of 



.. 

( 

64 

Figure 13. Train derailment caused by train hitting rockfall. 

Figure 14. Cause of rockfall that caused train 
derailment shown in Figure 13. 

Figure 15. Potential failure site found during 
annual track inspection. 
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tensioned and grouted rock bolts, and construction of 
drain holes. · 

The potential failure site shown in Figure 15 illus 
trates the importance of periodic inspections of ro ck 
slopes by specialist rock mechanics engi neers. This 
site was found during an annual inspection of rock s lopes 
by track car. The near-vertical crack observed ex-

Figure 16. Stabilization: construction of wider catchment ditch. 

Figure 17. Location at which rockfall punctured gasoline tank. 

Figure 18. Track threatened by weak rock on adjacent rock face . 
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tended fron1 the base of the s lope to the top (about 30 m 
(100 f t ) j above the track, where it was about 0.3 m (12 
in) wide. The cr ack, which was of recent origin, had 
been caused by Yibration due to blasUng to develop holes 
for polns on which to construct a warning fence. Action 

Figure 19. Track threatened by snow and ice sliding from adjacent 
rock face. 

Figure 20. (a) Location where shifting rock block resulted in 
movement within rock masonry abutment and (b) close·up of 
anchor cable installed for stabilization. 
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to stabHize the crack was taken immediately and involved 
removal within a week of about 1500 m 3 (2000 yd3

) of ma
terial. ~ring the blasting to remove this material, the 
track was covered with sand and gravel for protection. 

Figure 21. (a) Bridge 
where crack deveh;>ped 
between abutment wall 
and approach retaining 
wall, (b) location below 
wall where rock block 
had fallen, and 
(c) stabilization of area. 

Figure 22. Stabilized 
concrete retaining 
wall. 

~ .· . 
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At the site shown in Figure 16, there was only a very 
narrow shallow ditch, and rock from slopes extending up 
to 122 m (400 ft) above per iodically fell on the track. The 
rock is bedded shales, slates, and limestones, and the 
strike of the bedding was approximately perpendicular 
to the rock face. The jointing dipping out of the face 
was negligible. A wider catchment ditch was constructed 

Figure 23. Construction of rock pillar support to 
control rockfall. 

Figure 24. (a) Excavation at toe of rock slope and ( b) rockfall 
precipitated by excavation. 
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by removing the toe of the rock bottom by controlled 
preshear blasting in which the drill holes were spac ed 
0.3-0.5 m (12-18 in) apart. Due to the favorable joi nt 
orientation, the rock face was cut vertically. 

Figure 17 shows a location where a rockfall from high 
up a slope bounced across the tracks and punctured a 
large tank filled with gasoline. The gasoline spilled out 
onto the track, road, and adjacent inlet and created a 
serious fire and explosion hazard. The left-hand tank 
should never have been constructed at that location, 
which was close to both the rockfall path a (denuded of 
vegetation above the tank) and the second, larger path b. 
n was recommended that the tank be removed or pro -
tected by thick timbers on the slope side. 

The track shown in Figure 18 is threatened by the 
adjacent rock face, in which weak rock exists below hard 
competent rock and is weathering and undercutting the 
support of the hard rock. It has been recommended that 
the weak rock be covered with wire-mesh-reinforced 
shotcrete to halt deterioration. 

At the site shown in Figure 19, snow and ice develop 
on the smooth surface of the steeply dipping granite rock 
face and, during periods of melting, have sometimes 
slid off and derailed cars and locomotives. It has been 
recommended that dowels of old rail be grouted into the 
surface of the rock to increase the resistance to sliding 
and to hold the snow in place until it melts. 

Figure 20a shows a location where shift ing of a maj'or 
rock block along a steeply dipping rock joint (a) resulted 
in movement within the rock masonry abutment. High
capacity anchor cables were installed, tensioned, and 
grouted to increase the shear strength along the joint and 
to halt the movement. Figure 20b shows a close-up of 
an anchor cable installation; each cable is 2 5 m (80 ft) 
long and full-length grouted to ensure that there is no 
loss of tension and to reduce the risk of corrosion. 

Figure ::la &hows a bridge where a crack up to 2 .5 cm 
(1 in) wide developed between the abutment wall and the 
approach retaining wall (a). The geomet!"y of the crack 
indicated that the wall was rotating outward, and in
spection of the rock slope below the wall showed that a 
large block of rock (b) had fallen from the face, which 
had removed support for the rock forming a portion of 
the foundation of the wall (see Figure 21b). The rock
fall area was cleaned of foreign material and loose rock, 
and the area was stabilized by grouting steel dowels into 
the rock and then filling the cavity with concrete (see 
Figure 21cl. 

At a location where the track was supported by con
crete retaining walls constructed more than .70 years 
ago, cracks had begun to develop in the walls and sev
eral had tilted, some as much as 15 cm (6 in). A sup
port system of no. 16 steel bars anchored and grouted 
into the rock and steel channels was installed at 3- to 
3.5-m (10- to 12-ft) centers. One of the stabilized walls 
is shown in Figure 22. 

Figure 23 shows a stabilization project in which rock 
pillars were constructed to control rockfalls near a 
major fault zone at the spring line of a tunnel. No. 8 
dowels were grouted into the rock to tie the piliars to the 
rock. 

Figure 24a shows an excavation being carried out at 
the toe of a rock slope to key in a road cut, and Figure 
24b shows the major rockfall this excavation precipitated. 
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Labor-Intensive Technology: 
Promises and Barriers 
Mathew J. Betz and Ronald Despain 

The numerous criteria for technology evaluation in developing countries 
are discussed with emphasis on labor-intensive appropriate technologies. 
Historical technologies, current technologies of reduced scale, the adapta· 
ti on and improvement of indiQBnous technologies, and the need for re· 
search and development in labor-i ntens ive techniques ere presented. The 
technical factors in road construction are investigated as they relate to 
labor intensity. Special emphasis is given to evaluation of design stan· 
dards, location criteria, and scheduling. It is possible to combine labor· 
Intensive techniques where appropriate with more-conventional capital· 
intensive methods. The susceptibility of the various connruction com· 
ponents to labor-intensive applications is briefly reviewed. Finally, the 
barriers to the adoption of labor-intensive techniques in road construe· 
tion are presented. These include technical barriers; psychological bar· 
rlers; bureaucratic barriers; educational barriers; managerial barriers; and 
the general tack of research, development, financing, marketing, and dis· 
tribution systems to support labor-intensive alternatives. Labor-intensive 
alternatives are but one in a continuum of technologies. Developing 
countries will probably retain capital-intensive techniques for primary 
roed projects. Labor-intensive techniques are probably best suited to the 
construction of feeder and rural-development roads. 

APPROPRIATE TECHNOLOGY 

During the past hall decade, the terms "appropriate 
technology" and "labor-intensive technology" have be
con1e widely used, and the number of publications ad
dressing their numerous aspects has grown. 

The term "appropriate technology" can vary broadly 
in its application. n is currently being applied, not only 
to the developing countries, but also to Western Europe 
and the United States. Philosophically, appropriate 
technology implies that the decision makers should have 
the sophistication to devise, plan, evaluate, and select 
from a range of technical solutions to a given problem. 
Furthermore, it suggests that their selection should be 
based on a broader range of criteria than has been true 
in the past. Appropriate technology advocates the use 
of a greater number of economic indicators than is ad
dressed in the tradit ional economic-feasibility study and 
emphasizes the need to include social as well as eco
nomic factors. 

Stated in another way, appropriate technology could 
be expressed as the provision of technical solutions that 
are appropriate to the economic structure of those in
fluenced, appropriate to their ability to finance the ac
tiyity, appropriate to their ability to operate and main
tain the facility, appropriate to the environmental con
ditions, and appropriate to the management capabilities 
of the population. There are numerous criteria, and 
appropriate technology challenges all of them. Not only 
the engineer, technologist, and economist but also the 

sociologist, anthropologist, historian, and others need 
to become involved in the evaluation and selection pro
cedures of technological decision making. 

In an extensive review, Eckaus has developed the 
following criteria for appropriate technology (!_): 

1. To maximize product output, 
2. To maximize the availability of consumer goods, 
3. To maximize the rate of economic growth, 
4. To reduce unemployment, 
5. To encourage regional development, 
6. To reduce balance~of-payment deficits, 
7. To provide greater equity in income distribution, 
8. To promote political deve :ipment, and 
9. To improve the quality of life. 

And, although conceding that the list is still far from 
c.omprehensive, we add the following: 

10. To reduce the population flow to urban centers, 
11. To provide an adequate food base for the local 

or national population, 
12. To be as consistent as possible with the indige

nous social structure, and 
13. To preserve the indigenous cultural continuity 

and heritage. 

It is obvious that these criteria are themselves in 
conflict. This is the real-world situation where no solu
tion, technical or otherwise, will improve all factors 
impacted by a project. The strength of this approach is 
that it can identify both negative aspects and those that 
can be improved. This should lead to more-rational de
cision making because the positive and negative aspects 
can be compared as trade-offs. n presumes, however, 
that the criteria and the relath•e importance of each can 
be agreed on. Paradoxically, this advantage may also 
be a weakness. It may fail at times because it cannot be 
all things to all people. Considerable delay, which may 
in the end be disadvantageous to all, may be encountered 
in the extensive analysis and evaluation required. The 
decision making becomes very complex because of the 
number of criteria im·olved and of disagreement as to 
which have priority. Because of its broad definitional 
base, one can honestly say that, given appropriate con
ditions, any technology from tool-less hand labor to 
earth satellites can be appropriate. 

"· 
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LABOR-INTENSIVE APPROPRIATE 
TECHNOLOGY 

One category of appropriate technology is that of labor
intensive appropriate technology. For example, the re
maining sections of this paper will address such tech
nologies as related to road construction and maintenance. 
In the economic sense, these are technologies that look · 
for greater input of labor, often, but not necessarily, 
unskilled and a corresponding decrease in the require
ments for capital investment. The obvious advantages 
of such technologies are the decrease of the number of 
underemployed and the reduction in foreign exchange. 
The underemployment problem in the world need not be 
documented. Labor-intensive technologies have impli
cations in terms of slowing the migration from rural to 
urban areas and, perhaps most important of all, in 
making developing countries as self-sufficient as possi
ble in basic commodities through rural development. We 
are not so naive as to feel that labor-intensive technology 
can completely stem the current migrations from rural 
areas; no such technologies are likely to be that effective 
or pervasive throughout any developing country. The 
emphasis should be to consider labor-intensive appro
priate technologies as part of the range of alternatives 
available and possibly to give greater weight to some of 
the criteria that would tend to encourage and justify ex
perimentation with and implementation of such technol
ogies. 

The idea of labor-intensive technologies, especially 
as applied to rural areas, goes back to the colonial era. 
Village industries were encouraged in India before the 
1930s (2). Gandhi's writings and philosop.hies were in
timately tied to labor-intensive technologies. More 
recently, the writings of Schumacher have emphasized 
some of the limitations of capital-intensive development 
and some of the advantages of labor intensity. It was 
Schumachez::, whose thoughts. have had sigl)ificant impact 
on the young American reader (3), who coined the term 
"intermediate technologies" to ldentify those of moderate 
capital investment per employee. This led to the de
velopment of various intermediate technology groups in 
Great Britain and elsewhere. It is unfortunate that, at 
least in the United States, the term intermediate tech
nology has been superseded by the term appropriate tech
nology. 

DEVELOPMENT OF LABOR-INTENSIVE 
TECHNOLOGY 

The literature on labor-intensive technologies is a rap
idly expanding one. These technologies can be developed 
from any of four primary sources. First, there is the 
revival of older technologies. These technologies were 
used to build the original manufacturing plants and basic 
infrastructure of the developed countries and were much 
more la:bor intensive than is the technology of today. The 
construction of railroads in the American West is a 
classic example. There are those who feel that a re
introduction of such technologies to Third World coun
tries is appropriate. Much of the literature of labor
lntensive technology, both that directed toward economic 
development and that directed toward a different life-style, 
is fundamentally based on this source, which might be 
called the Whole Earth Catalog approach. It has the ad
vantage of being easily and quickly identifiable and hav
ing demonstrated success in the past. Thus, it can pro
duce many good ideas at a very low research cost. It is 
often the approach of the instant expert, a breed not un
known in this field. It has the disadvantage of lack of 
depth once the initial inventory has been conducted. It 
has a very strong psychological disadvantage for the re-
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ceivlng country, which is being advised to use techniques 
perhaps a century old. It has the technical disadvantages 
that the tools are no longer manufactured and that main
tenance and repair parts that may have been readily 
available when they were broadly used are not ayailable 
today. One would have to establish a century-old pro
duction and technology base to broadly implement such 
technology. Where this can be done on a local level 
with minimal manufacturing and easily maintained tools, 
it can be effective. U the technology identified has much 
sophistication, these technical limitations are difficult 
to overcome. This type of solution should be among the 
first investigated in any comprehensive research effort, 
but it should not be overemphasiZed or become the pri
mary intellectual base. 

The second source of labor-intensive. technologies is 
to adapt current technologies to a smaller scale for im
plementation in a receiving country. This is done daily 
as new plants and techniques are introduced. Even sub
stantial manufacturing plants are often not to the scale 
that would be built in the developed world. The adoption 
of smaller lightweight tractors as opposed to heavier 
commercial ones is an example. 

A third source is the adaptation and improvement of 
indigenous technologies. The fact that the populations . 
concerned have existed within their geographical loca
tion and physical environment for centuries, if not mil
lennia, is often overlooked. The methods and technolo
gies developed have certainly been successful in those 
conditions. Thus, the folklore methods of doing things 
may form a fundamental base of knowledge from which 
to develop improvements and modifications. Further
more, any new technique or tool must be introduced into 
the social and cultural environment that exists. This is 
the same environment that has successfully adopted or 
adapted the traditional techniques. Why they work and 
how they work is fundamental to either impr(wing ex
isting techniques or to the insertion of new techniques 
into the cultural and social milieu. It would seem obvious 
that the less disruptive a new technique is to its en
vironment (social and cultural), the more likely it is to 
be readily adopted. This is particularly true in labor
intensive technologies for road construction and main
tenance, which apply to large numbers of people in open 
environments, rather than to limited numbers in the 
closed environment of a factory. 

The fourth source of labor-intensive technologies, 
probably least used currently, is simply the invention 
of new technologies that are labor, rather than capital, 
intensive. The difficulties are substantial. We have es
tablished educational and research facilities aimed at the 
invention and development of tools and techniques that 
tend to be more capital intensive rather than less so. 
The difficulties to be addressed in looking at the oppo
site side of this coin cannot be overemphasized. The 
concept of small research for small technology is naive. 
However, it is more than a question of financial re
source. It is a question of the entire matrix of the edu
cation system from preschool through the Ph.D. In both 
the developed and the developing countries, training 
tends to establish biases, capabilities, and v-alue struc
tures that make it very difficult to conceptualiZe and in
vent low-capital-investment alternatives. This is not to 
imply that it cannot or should not be done. If labor
intensive techniques are to be broadly or even moder
ately effective, such research emphasis must be de
veloped. Most of these techniques require extensive 
development and' implementation projects that are best 
done in Third World locations. 
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TECHNICAL FACTORS IN TECHNOLOGY 
SELECTION 

In road construction, labor-intensive projects require 
the integration of multiple activities,. on a relatively 
large scale and employing many people. Road construc
tion is illustrative of the diverse difficulties encountered 
when using labor-intensive techniques in large rural de
velopment projects. A linkage, normally a road of some 
type, is a necessity for rural development. Without the 
physical interconnection of a transportation link, im
portation of needed commodities and services and ex
port of surplus production is impossible. CJ'his need 
has been discussed elsewhere (4), as has the construc
tion of low-volume roads (5).] -

Most road projects have emphasized the use of 
capital-intensive heavy equipment, imported from a 
limited number of developed countries. However, ade
quate roads were built long before the invention of such 
equipment. Also, not all roads in developing countries 
need or should be of a high-quality or a paved type. The 
Sudan, which instituted a road-building program a few 
years ago, is about to complete the first paved road 
from Khartoum to the sea. Is is clear that the Sudan 
with its large area cannot afford either the cost or the 
time necessary to develop high-quality roads throughout. 
Roads can be built in as broad a spectrum of design and 
quality as any other works of humans. 

One of the basic technical factors affecting the at
tractiveness of labor-intensive technologies in road 
construction is the original design of the facility. The 
higher the design standards, the more likely that 
capital-intensive technology will appear desirable. The 
overdesign of rural roads in developing countries is 
probably widespread. The design of penetration and 
agricultural-access roads to lower standards , including 
accepting a greater risk of temporary closure, should 
be carefully evaluated. The selection of a paved design 
versus an improved gravel facility is often critical. 
Many of the functions involved in even a simple 
bituminous-surface-treatment design are not real
istically feasible when labor-intensive techniques are 
used. Such designs usually call for higher-quallty base 
materials and more-uniform compaction standards than 
does an unpaved facility. As material specifications in
crease, the likelihood of use of adjacent soil is de
creased. This, in turn, increases the need for capital 
equipment, as efficient methods of transporting material 
greater than 1 km by labor-intensive techniques are not 
generally available (5). 

The performance of the system, which is exposed to 
the physical environment and to the abuses of an un
controlled user group (overloaded lorries being a prime 
example), is an additional engineering concern. Most 
engineers feel responsible and consider inadequate per
formance of roads as a failure. The tendency, therefore, 
i.s to overdesign. If the engineers {rather than the real 
causes) are to be held responsible for the lack of per
formance, then overdesign wlll continue to be a problem. 
There is a myth that, the higher quality the road and the 
more sophisticated the design, the greater the quality 
control {i.e., the more mechanized equipment) and the 
easier and cheaper the maintenance. Over the last 15 
years, an expanding amount of research has indicated 
that, although there is some truth to this in the narrow 
range, it is misleading in the broad range of design al
ternatives. In other words, a paved road is not neces
sarily cheaper or easier to maintain than a gravel road, 
nor is a gravel road necessarily cheaper or easier to 
maintain than a dirt road. The local manufacture of 
road construction equipment is of importance. Such 

activity has been developed in Kenya through a rural
access road program (6). 
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The initial location of a proposed facility can bias the 
technology choice. A direct route between two points 
generally requires more earth work, involving both 
excavation and embankments, than \;/Ould a longer route 
that takes advantage of the natural terrain. Although the 
longer route might cost more because of its extra length, 
the shorter route, because of its technical requirements, 

· may mandate capital-intensive techniques. In other 
cases, the route might be lengthened to take advantage 
of locally available materials. This route lengthening 
could actually decrease the length of haul from material 
site to bu.ilding site and thus increase the attractiveness 
of labor-intensive techniques. , 

The construction schedule is another variable that can 
encoCirage or discourage labor intensity. Labor-intensive 
techniques require that unemployed or underemployed 
local labor be available. In the rural situation, there 
may be relatively little underutilized labor during plant
ing and harvesting seasons. Thus, construction sched
ules that call for intensive activity spanning either or 
both of these seasons may require capital intensity. 
However, time is not critical in most rural road proj
ects, and it should be possible to devise a schedule that 
supports the use of excess labor. 

Road construction represents a collection of different 
and semi-independent functions, including (but not 
limited to) site clearance, excavation, hauling, em
bankment building, compaction, placement of selected 
material, and grading. There is no reason why a mix
ture of capital-:i.ntensive and labor-intensive technologies 
cannot be used -on a given project. In studying construc
tion of gravel roads in Kenya, one analysis of a variety 
of construction techniques that ranged from wholly labor
intensive to wholly capital-intensive technology con
cluded that a combination of labor- and capital-
intensive techniques required the minimal amount 
of capital per person day of work and employed a sub
stantial labor force at a minimal increased total cost (7). 
Muller (8) has discussed his personal experiences using 
labor-intensive construction. The project was the con
struction of 480 Ion of all-weather gravel road, including 
drainage and bridges, by capital-intensive methods using 
mostly imported equipment. The production rate was 
1 km of road graveling each 2 .3 days at a direct opera
tions cost of approximately $ 500. Actual experience 
indicated production rates of 30-70 percent of the an
ticipated. Increased numbers of laborers were em
ployed when excavators had mechanical problems. Oc
casionally, these laborers were retained even when the 
machinery was working, which resulted in increased 
productivity. Based on this experience, other methods 
of increasing the labor intensity were devised; Muller 
found that all operations except hauling (because of the 
long haul distance from quarry to site) and watering 
could be performed economically by labor-intensive 
methods. Maximizing the labor intensity and maintain
ing the same operational speed (2.3 days/km) resulted 
in a cost of approximately $ 550 or about 10 percent 
higher than the capital-intensive methods. Both Muller's 
conclusions and those of the International Labor Organi
zation indicate that the direct transfer of capital
intensive technologies into the African social-economic 
environment is probably not justified. A balance be
tween capital- and labor-intensive techniques would 
seem to meet current broader criteria. 

LABOR-INTENSIVE TECHNIQUES FOR 
ROAD CONSTRUCTION 

Labor-intensive methods of construction are not neces-
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sarily limited to the use of the simplest techniques and 
tools available, e.g., carrying excavation materials in 
baskets or using hand shovels. The techniques should 
include the design and construction of new tools and 
equipment. 

In excavation and loading, the traditional techniques 
of picks, hoes, and shovels can be implemented. Hand
held stretchers or head baskets are effective over short 
distances and where changes in elevation are small. 
Somewhat more-sophisticated and more-productive tools 
can be devised b y using teams of labor, draft animals, 
or machines that develop mechanical advantage (such as 
those based on the principle of the bicycle). Depending 
on the soil type and the difficulty of excavation, labor
intensive techniques can be used in immediate conjunc
tion with mechanical excavators. As haul distances in
crease, more-sophisticated equipment should be de
vised, but this can still fall far short of modern 
capital-intensive hauling vehicles. Locally built carts 
with rubber tires can be drawn by teams of men or draft 
animals and carry embankment materials significant 
distances. Small tipping trucks on steel rails may be 
animal or human powered and are an effective hauling 
device, although the tracks must be moved as construc
tion pr ogresses . For intermediate distances, the adap
tation of the small scraper (possibly made from a hall 
of an oil drum) i s feas ible. The design for and produc
ttve capa city of s imilar equipment (including carts, 
wagons, plows, drags , scrapers, fresnos , and wheel 
scrapers) can be fou nd in older American highway engi
neering publications (9). The spreading and leveling of 
road materials is generally not effectively accomplished 

· by hand. Some type of scraper, broom, or drag is nec
essary but, again, labor, draft animals, or light mech
anization can provide the power. 

Most engineers feel that soil compaction is the func
tion for which labor-intensive methods have the greatest 
difficulty in competing with methods involving heavy 
equipment. Heavy equipment gives rapid compaction 
that is often significantly higher than can-be produced 
manually. In addition, there is probably greater uni
formity of compaction. This does not r equire , however , 
that all compaction be done with heavy equipment . Hand 
compaction can be effective (even in developed countries , 
it is often used in areas where heavy equipment cannot 
operate, such as back filling behind retaining walls). 
Compaction can be achieved by small hand-controlled 
mechanical compactors, but it can also be accomplished 
solely by hand. Many feel, however, that hand compac
tion has serious economic as well as technical disad
vantages. A real alternative that should be investigated 
is the reduction of compaction standards traded off 
against greater depths of compacted material. n should 
also be noted that traffic itseli can supply considerable 
compactive capability. For example, a discussion (9) 
of the construction of sand clay roads in the United States 
early in the century stated that 

The ordinary method that has been ut ilized to obtain this result (com
paction) has been the mixing and packing due to hooves of animals and 
wheels of vehicles going over the road. This gives surpris ingly good re
sults, but it usually takes several months before the road is thoroughl y 
consolidated and packed. It is necessary, while this packing is going on. 
that after each rain, the surface be immediately reshaped and crowned. 

For a high-quality gr avel surface, some type of roller 
having a s ignificant weight (probably 8 Mg or more) was 
generally Advised. 

The haulage or water for const ruction is usually some 
what mor e complicated than the haulage of construct ion 
materials. Nonetheless, the use of animal-dr awn water 
tanks of local ma nufacture (e.g., drums on rubber - ti r ed 
cart's ) can be effective. 
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These are just a few specifics that illustrate the 
feasibility of using more labor-i ntens ive technologies. 
In addition, as noted by Marsden (10> ; " New technology 
should stimulate output in indigenous industries and be 
capable of being reproduced locally." 

BARRIERS TO USE OF LABOR-INTENSIVE 
TECHNOLOGIES 

What are the barriers to the use of labor-intensive 
techniques? For one, the experts do not agree. Eckaus 
tends to classify the advantages of Schumacher 's pro
posals under his (Eckaus ') criteria of improveme nt of 
quality of life and specifically limits them to rural village 
development. He further states that the advantages of 
such intermediate technologies are limited and indicates 
that they fly in the face of major trends throughout the 
world by resting almost entirely on a village-oriented 
life- style (1). . 

Most o!Tbe technology available to the Third World 
is the technology of the developed world. This tech
nology has survived and prospered under a narrow range 
of solely economic indicators that emphasize minimal 
cost of production, capital investment, and quality con
trol and are generally based on an economy that has al
most full employment and high wage rates. n is not 
surprising that such an environment encourages high
capital-investment projects. 

Project feasibility studies conducted by American or_ 
European consultants tend to have a capital-investment 
bias, intentionally or unintentionally. The bias may be 
unintentional in that these consultants are trained and ex
perienced in and technically more comfortable with high
capital alternatives. Or, the bias may be intentional be
ca\Jse of the realization that the sources of the high
capital construction items are, for the most part, the 
developed countries. In addition, labor-intensive
technology alternatives may involve fewer expatriates 
in their implementation and operation (7). 

As most de •1elopment projects are either conducted 
or channeled through the national government, the se
lection of projects is greatly influenced by the local 
bureaucracy. ll is clear that, for a given amount of 
capital to invest, the larger the capital component of 
each project, the fewer the total number of projects. 
Thus, from the bureaucratic standpoint, it may be ad
vantageous to have a limited number of projects (which 
can be realistically followed and controlled) rather than 
a large number of low-capital-investment projects (which 
tend to be impossible to control by a central agency). 

A country's tariff and tax structures may be another 
bias toward high-capital projects. These may result in 
subsidized capital. Such policies tend to undervalue 
capital investment in terms of other alternatives. Capi
tal may be provided through the central government at 
low rates or by reduced import duties for foreign ma
chinery, thus subsidizing those who wish to place their 
resources in a capital investment as opposed to invest
ment in labor components. 

Labor-intensive techniques require large numbers of 
people. The training of these people, their organization 
and management, becomes a substantial problem. People 
who have such training and management skills are in 
short supply in most Third World countries (11). In ad
dition, the developed countries have not provIOed the 
organizational structures nor the training tools to su1 -
port such projects .. More imagination is needed in these 
areas . We suggest consideration of highly sophisticated 
tools to do this very unsophisticated job. The use of 
modern, highly portable, audiovisual training techniques 
may be very effective where the trainees are illiterate. 
Their audiovisual capabilities may be more acute than 
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those of a more literate, book-based society. 
Because a large number of people are involved, they 

probably represent a substantial portion of the total in
digenous population in a given locatio~ . Therefore, the 
ability to institute and carry through such projects bene
fits from maximizing the use of the existing social and 
organizational systems. This calls for a substantial in
put from sociologists, cultural anthropologists, and other 
social scientists. 

The desire of the private entrepreneur to capitalize 
is seldom addressed in the llterature, other than in 
terms of lowering unit production cost to maximize 
profits. Increased capital investment may also increase 
capacity and improve quality control, which may broaden 
the potential market. Ii this is supported by govern
mental capital subsidization, so much the better from 
the entrepreneur's standpoint. In addition, one of the 
factors that is almost never mentioned and may be a 
consideration, even at a very low level of capitalization, 
is the fundamental truth that foe capital investment be
longs to the capitalist. If an individual has given re
sources, he or she generally can select a technology 
that will place some of these into capital investment in 
plant and equipment, some in operational costs, and 
some in labor costs. There may be a feeling that op
erational and labor costs are dispersed, whereas in
vestment in plant and equipment is under the control and 
ownership of the investor. In other words, expenditure 
in capital tends to be a long-term asset whereas expen
ditures in operations and labor are not. The importance 
of this as a psychological bias is probably underrated. 
The impact of this becomes even greater when the econ
omies have high inflation rates. 

The barriers discussed above are basically economic 
and structural limitations to the implementation of labor
intensive technology. There are others. 

A system for innovation in labor-intensive techniques 
is lacking. There is only a weak technological invention 
base and little or no incentive for private investment in 
the invention of low-capital-investment tools. Most 
Third World countries lack a well-defined research and 
development laboratory, either in the private or in the 
public sectors. 

There is the absence of the innovation and implemen
tation system represented by the individual firm in the 
private economy. There tends to be a lack of marketing 
and distribution systems for those labor-intensive tech
nologies that are used. The weak financial infrastruc
ture to support innovative systems for labor-intensive 
technologies reflects an absence of private incentives 
and public interest. 

Because of the limitations described above, there 
would seem to be little incentive for increased emphasis 
on labor-intensive technologies. The primary justifica
tion is the possibility of dispersing economic develop
ment by placing some of the emphasis on the number of 
individuals benefited rather than all of it on the national 
economic factors. 

CONCLUSIONS 

The purpose of this paper has been to identify the po
tentials and problems or labor-intensive technology as 

· applied to low-volume road construction and maintenance. 
Clearly, because of the multidisciplinary nature of the 
problems, there is a need for an integrated approach. 
This is especially true if labor- intensive techniques are 
to be applied broadly. Although substantial work and 
much imagination a re necessary inputs to the develop
ment of new tools, the successful implementation of 
labor-intensive techniques is fundamentally a people 
problem; therefore, training, management, social struc-
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ture, and cultural systems become the four corner posts 
on which success of the technical activities must rest. 
The failure of any one will cause failure, or at least sub
stantial impediments to the success, of the others. 

Finally, the emphasis on labor-intensive techniques 
reflects the fundamenta.l belief that the most-valuable 
resource of any country is its people. The development 
of this resource cannot be instantaneous. It requires 
time and patience. More important, it requires oppor
tunity and resources. The use of capital-intensive tech
nologies has led to the development of dualistic econ
omies in many nations. Some would say thaUhis is 
wrong. These persons feel that development should be 
entirely focuse d on the rural development elem ent to im
prove the quality of life for all of the population simu1.:. 
taneously. A more moderate view would seem appro
priate. Modern developing countries wish to become 
just that-modern. There is a place for the most
advanced 21st-century technologies. There is a place 
for modern capital-intensive production. As we have 
emphasized, there is also a place for labor-intensive 
activities . In this paper, we have identified some of the 
real barriers, internal and e~ernal, technical and so
cial, to greater and more-accelerated application of 
labor-intensive techniques. Greater efforts by all con
cerned must be made to encourage and implement these 
techniques. 
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Abridgment 

Stability Charts for Effective Stress 
Analysis of N onhomogeneous 
Embankments 
Yang H, Huang 

New stability charts have been developed for the effective stress analysis 
of nonhomogeneous embankmenu subjected to seepage and seismic con
ditions. Ti- charts are applicable to soils that have a small effective 
cohesion, which is the case encountered most frequently in engineering 
practice. The procedure is based on the normal method and is unique in 
that, although a large number of factors are considered, only a limited 
number of d\arts are needed. The theory by which these charts have 
been developed, the sugg11S1Bd procedures for their use, and their appli
cation to practical cases are presented. The factors of safety determined 
by using the charts are compared with those obtained by using the avail
.tile computllr programs, based on both the simplified Bishop and the 
nonnal methods. When the most-i:ritical failure surface is a shallow 
cirde, the factor of safety determined by using the charts agrees closely 
wi1h the computer solutions. However, if the most-i:ritical failure sur
face is a deep circle, the factor of safety determined by using the charts 
will be somewhat smaller than that obtained by using the computer solu
tion based on the simplified Bishop method but slightly greater than that 
based on the normal method. Compared with the simplified Bishop 
IMthod, the use of the stability charts is therefore conservative. 

In a previous paper (1), I presented two new charts for 
the stability analysis -of earth embankments. The chart 
for short-term stability is based on a total stress analy
sis, uses rJ = 0, and can be applied to a nonhomogeneous 
slope composed of various layers. The chart for long
term stability is based on an effective stress analysis, 
uses given values of c and a,-and is applicable only to a 
homogeneous slope that has a ledge at a considerable 
distance from the surface. It was indicated that the as
sumption of a homogeneous slope for effective stress 
analysis was not a serious limitation because the long
term shear strength parameters (i.e., c and ~) for most 
soils might not change significantly and average values 
could easily be estimated. However, if the strength 
parameters for different materials in different parts of 
the slope are significantly different, it will be difficult 
to obtain average values. Another difficulty in the use 
of the chart for effective stress analysis is the estima
tion of pore pressures. Unless the phreatic surface and 
the location of failure circle are known a priori, pore 
pressures cannot be estimated with certa.inty. 

The purpose of this paper is to present an additional 
chart that can be used for the effective stress analysis 
of both homogeneous and nonhomogeneous slopes sub
jected to·.steady-state seepage and seismic conditions. 
The method requires an iterative determination of the 
factors of safety for a number of potential failure circles, 
so that a mlnimum factor of safety can be obtained. 
(Due to space limitations, only one chart and a simple 
example will be presented here ; additional charts and 
detailed procedures for their use are given elsewhere 
(~.) 

The chart presented here can be used only where the 
effective cohesion of the materials is small. These 
materials include granular soils and normally consoli
dated clays. The potential failure surfaces through these 
materials generally consist of shallow circles, so only 
a few charts involving shallow circles are needed. It 
is believed that the assumption of a small cohesion is 
realistic and can be used in many practical cases. 

DESCRIPTION OF METHOD 

Figure 1 shows a slope that has a height H and an out
slope S: 1 (horizontal: vertical). It is assumed that the 
effective cohesion of the soil ·in the slope is small, so 
that the most-critical failure surface is a shallow circle, 
the two endpoints of which lie at a distance of 0.1 SH 
from the top edge and the toe. This assumption of 0.1 
SH, i.e., one-tenth the horizontal distance ·between the 
edge and the toe, is arbitrary. In fact, I have developed 
other charts that have endpoints passing through or at 
varying distances from the edge and the toe, so the fac
tor of safety for any given circle can be determined. 
However, it has been found that the factor of safety for 
most slopes can be estimated by using this assumption. 

When a failure circle is assumed, the average shear 
. stress developed along it can be determined by equating 

the moment at the center of the circle due to both the weight 
of the sliding mass and the corresponding seismic force 
with that due to the average shear stress distributed 
wliformly over the failure arc. This developed shear 
stress is proportional to the unit weight of the soil and 
the height of the slope and can be expressed as 

T= (-yH/N,) + (C,-yH/N.) 

where 

T =developed shear stress, 
')I = total unit weight of soil, 

N, = stability number, 
C, = seismic coefficient (the ratio between seismic 

force and weight), and 
N, =earthquake number. 

(I) 

Both N, and N, depend on the geometry of the slope and 
the location of the circle. The average shear strength 
along the failure surface varies with ')I and Hand, ac
cording to the Mohr-Coulomb theory, can be expressed 
as 

s=c+ [(1-r.}yHtan¢]/Nr (2) 

where 

s = shear strength, 
c = effective cohesion, 

r" = pore pressure ratio (ratio between the pore water 
pressure and the overburden pressure), 

~ = effective angle of internal friction, and _ 
N, = friction number (which also varies with the geom

etry of the slope and the location of the circle). 

The factor of safety (F) is the ratio between the shear 
strength and the shear stress. By dividing Equation 2 
by Equation 1, F can be expressed as 

F = [(c/-yH) + (1 - r.)t~n ¢/Nrl/[( l/N,) + (C,/N,ll (3) 
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Figure 1. Potentia.1 failure circles in a 
typical slope. 

Figure 2. Stability chart. 
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Equation 3 shows that F depends on four geometric 
parameters (H, N., N,, and N.) and four soil parameters 
(r., y, c, and i). N., N,, and N. can be obtained from 
the stability chart, and r. can be determined from the 
location of the phreatic surface with respect to the failure 
circle . H the slope is homogeneous, y, c, and O are 
given directly . If the slope is nonhomogeneous, average 
values of 'Y, ~. and ~ must be determined . [To facilitate 
the computation of average soil parameters, a special 
table and form were developed but are not presented 
here (2).1 The method for computing y, c, ~. and r. for 
a nonhomogeneous slope is illustrated below. 

The value of F obtained by using Equation 3 is similar 
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to that obtained by the normal method, which is one of 
the two methods used in the ICES-LEASE computer pro
gram (3) [the other is the simplified Bishop method (4)). 
When tile pore pressu·re ratio = 0 or there is no seepage, 
the normal method and the well-lmown Fellenius method 
(5) are identical. When the pore pressure ratio I 0, the 
normal method differs from the Fellenius method be
cause the former is based on the concept of submerged 
weight , which acts vertically, while the latter is based 
on the pore pressure normal to the failure surface. 
The simplified Bishop method was not used because the 
assumption that the shear stress varies with F makes 
it impossible to express F in the simple form shown by 
Equation 3. 

Figure 2 shows N., N,, and N. in terms of'the dimen
sionl~ss param~ters Y and S, where Y = ratio between 
the distance from the center to the top of the slope and 
the height of the slope. Because the slope angle {13) is 
related to S by S = cotfj, the slope angles corresponding 
to each va)ue of S are also shown. 

In using the stability chart, it is necessary to plot a 
cross section of the slope. A bisector perpendicular to 
the dashed line is drawn, as shown in Figure 1, and the 
values of F for several circles that have centers on the 
bisector are determined and compared. If the ledge or 
stiff stratum is close to the surface, the circle tangent 
to the ledge is usually the most critical. 

EXAMPLE 

Figure 3 shows a 2.5 :1 slope, 20 m (66 ft) high, com
posed of three different soils. Soil l has an effective 
cohesion of 5 kPa (104 lbf/ft2), an effective friction angle 
of 25°, and a total unit weight of 18 k.N/ m3 (115 lbf/ ft3); 

soil 2 has an effective cohesion of 7.5 k.Pa (157 lbf/ff), 
an effective ~lction angle of 30°, and a total unit weight 
of 19 kN/m3 (121 lbf/ ft3); and soil 3 has an effective co
hesion o.f 10 kPa (209 lbf/ft2), an effective friction angle 
of 35°, and a total unit weight of 20 kN/m3 (12'1 lbf/ft'.3). 
The location of the phreatic surface is as shown. As.sum
ing a seismic coefficient of 0.1, determine both the static 
and the seismic values of F. 

Because the weakest material (soil 1) lies immedi
ately above the ledge, the most-critical circle is prob
ably tangent to the ledge. Thus, a circle that cuts · 
through all three soils ls drawn tangant to the ledge and 
passing through the two endpoints 5 m (16 ft) from the 
edge and the toe. The center of the circle is 5.5 m (18 ft) 
above the top of the slope, or Y = 5.5/20=0.275. For S= 
25 and Y = 0.275, Figure 2 gives N, = 7.0, N, = 2.0, and 
N.=2.8. . ·· ,~ 

To determine the average soil parameters, the sliding 
mass is divided into a number of subareas, as shown in 
Figure 4. The area of each subarea is measured ; the 
sums for soils 1, 2, and 3 are 131, 221, and 534 m2

, 

respectively. 

The average unit weight for the entire sliding mass 
(y) = [(131 x 18) + (221 )( 19) + (534 x 20)1/(131 + 221 + 
534) = 19.5 k.N/m3 (124 lbf/ft3

). 

The length of the failure arc thrpugh soils 1, 2, and 3 
is measured; these values are 40, 17. 6, and 2 4 m 
(131 , 57, and 79 ft), respectively. 

c = ((40 x 5) + (17.6 )( 7.5) + (24 x 10))/(40 + 17.6 + 24):: 
7.0 kPa (146 lbf/ff) . 

Because only ~he component of weight normal to the !ail
ure surface is effective in producing friction, tan <I> 

is determined by multiplying the weight above the fail
ure surface by cos e, where e = angle of inclination of 
the chord, as shown by fl1, Sa, and 93 in Figure 4. 

The weight normal to the failure arc in soil 1 = ((131 x 
18) + (187 x 19) + (293 x 20)) x 0.95 = 11 182 kN/ m 

:· . . 

... 
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Figure 4. Area, arc length, and chord 
inclination of critical circle. 
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(771172 lbf/ft), that in soil 2 = [(2 x 17 x 19) + (110 x 
20)) x 0.75 = 2135 kN/ m (147 241 lbf/ft), and that in 
soil 3 = 131 x 20 x 0.46 = 1205 kN/m (83 103 lbf/ ft). 

Therefore, tan i! = (11 182 tan25° + 2135 tan30° + 1205 tan 
35")/(11559+2135 + 1205) = 0.502. 

The average pore pressure can be estimated by using 

ru =area of sliding mass under water x unit weight of water+ 
total area of sliding mass x average unit weight of soil (4) 

The area of sliding mass under water is measured and 
found to be 527 m2 (5571 ft2). 

r. = (527 x 9.8)/(886 x 19.5) = 0.299. 
From Equation 3, the stati c fac tor of safety= ([7.0/ 

(19.5 )( 20)) + [( 1-0.299) )( 0.502)/ 2.0 )/(1/ 7.0 + 0) = 
(0.0179 + 0.1760)/0. 1429 = 1.36. 

The seismic factor of safety= (0.0179 + 0.1760)/(0.1429 + 
0.1/2.8) = 0.1939/0.1786 + 1.09. 

Two more circles, as shown in Figure 3, were also 
evaluated; their factors of safety were greater than the 
above values, thus confirming that the circle tangent to 
the ledge is the must critical. _ 

The factors of safety obtained by using the REAME 
computer program (§) are summarized below : 

Method 

Factor of Safety Simplified Bishop Normal 

Static 1 .508 1.206 
Seismic 1.129 1.002 

Thus, the normal method yields a fac tor of safety some
what smaller than does the simplified Bis hop method. 
It was also found that the di s cr epancy decreased as the 
most-critical circle became shallower. The factor of 
safety determined by using the s tability char t always 
lies between that found by using the normal method and 
that found by us ing the simplified Bis hop method, a s is 
expected. Compared with the simpliiied Bishop method, 
the use of stability charts is conserv;ttive. 

SUMMARY AND CONCLUSIONS 

A new stability chart for the effective s tress analysis 
of slopes iS presented . This char t is a valuable supple 
ment to the stability chart p r esented in a previous paper 
(1). The advantages of the new chart over the earlier 
one are that (a) it can be us ed for both homogeneous and 
nonhomogeneous slopes that have a ledge or a stiff stra -
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tum either close to or far from the surface, (b) it can 
be used to determine both the static and the seismic fac
tors of safety, and ( c) it makes possible a more accurate 
evaluation of the pore pressure ratio. However, the 
application of the chart to a nonhomogeneous slope re
quires the determination of average soil parameters by 
measuring the arc length and the cross-sectional area 
of different soils in various regions. 

The application of the stability chart is based on the 
normal method, which is a modified version of the 
Fellenius method. If the foundation is good or the ledge 
is near to the ground surface, the most-critical circle 
will be a shallow circle, and the factor of safety obtained 
by using the normal method will be only slightly smaller 
than that obtained by using the simplified Bishop method. 
If the foundation is poor or the ledge is far from the sur
face, the most-critical circle will be a deep circle, and 
the factor of safety obtained ·by using the normal method 
will be much smaller than that obtained by using the 
simplified Bishop method. Because the circle used in 
conjunction with the stability chart may not be the most
critical circle, the factor of safety determined by using 
the chart generally lies between the minimum factor of 
safety obtained by using the normal method and that 
obtained by using the simplified Bishop method. If the 
acceptance of a design is based on the simplified Bishop 
method, the use of the stability chart is conservative. 
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