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I-205 Over Columbia River Bridge: Geometric Control for 

Cast-in-Place and Precast Segmental Box-Girder 

Construction 

JAMES C. TAI AND GEORGE K. LO 

Precast or cast·in·place segmental cantilevered construciion forms a relatively 
now generation In U.S. bridge construction. One of the largost·scale projects 
of this kind is the 1-205 Columbia River Bridge in Portland, Oregon, which 
was.started in 1979 and is due for completion in 1982. Tho project consists 
of two parallel bridges, each 75 ft wide. l·ts final contract for the main 
superstructure (length of 5770 ft) was awarded to a joint venture of S. J. 
Groves and Guy F. Atkinson. Responding to the Oregon Depar1ment of Trans· 
portation·s policy of value engineering, the longer 480., 600·, and 480-tt spana 
wore changed from precast· to in-pince construction by using traveling wagons; 
the shorter 240-, 300., and 360·ft spans remained precast. This unique setup 
afforded a special opportunity for comparing the two connruction methods 
and for coordinating design and geometric control y;lth construCllolJ. In
cluded in this paper is an outline of geometric control for both cast-in·placo 
and match-ca.st segments; methods for prediCllng deflections, wh ich consider 
shrinkage and creep; and a brief description of compu1er programs for canti· 
levered construction. Also included a.re o description of the coordination be· 
tw>lon designer and field personnel in order to achieve quality and accuracy 
in construction, ~ comparison of actual conslructed elevations with pre· 
dieted elevations, and, finally, a discussion regarding implications for future 
segmental construction. 

In cantilever construction, the structure usually 
undergoes two phases, During construction, canti
lever arms progress outward, and segments are 
gradually added until the ends of the designed can-

Figure 1. Segmental construction. 

tilevers are reached. For the final bridge, a con
tinuous structure is achieved when the cantilever 
ends are either hinged or integrated into the canti
lever construction from the adjacent pier (Figure 1) • 

During construction, the cantilevers are usually 
free from restraint at their cantilever ends and are 
fixed, or partly restrained, at their pier sup
ports. Because this type of construction involves 
stage loading, which i n turn involves time-dependent 
deflections and s ·train changes, camber control dur
ing the erecting or casting of the segments is abso
lutely essential for the successful completion of 
the structure. 

Basically, determination of forces, stresses, and 
deflections of the cantilevers follows beam theory. 
Al though the calculations themselves are fairly sim
ple, their accuracy depends on the recognition of 
all influe nces that ace responsible for the deflec
tion of the structure. Especially important are in
elastic strains, which must not be neglected. 

This paper describes the methods used in simpli
fied analyses of cantilever deflections. Correla
tion between calculated values and actual field mea
surements is also given. 

ELASTIC AND PLASTIC DEFORMATION CHARACTERISTICS 
OF BRIDGE.5 

Cantilever construction of segmental bridges pro
gresses along a predetermined pattern, which recog
nizes the stages of the contruction or erection of 
the segments compr ising the cantilever. Typically, 
the construction cycle will vary from three to seven 
days per segment, depending on field conditions. 
After all the segments are in place, the ends of 
opposing cantilevers are joined and the bridge 
structure becomes continuous. 

The deflections of the cantilever during the var
ious stages of construction and the deflections of 
the final structure are affected by the following 
conditions: 

1. Cantilevered structure: dead load of seg-
ments, weight of traveler or hoist, weight of form 
and construction equipment, prestressing forces, and 
pier deflections due to unbalanced loading; and 

2. Final structure: dead load of the connecting 
segment; removal of traveler or hoist; closure pour 
form; prestressing forces; topping, railing, curbs, 
and utilities; and removal of shoring, temporary 
supports, etc. 

Cantilevered Structure 

Cantilevered structures should take into account the 
following conditions: 

1. Dead load: The dead weight on the bridge is 
the most significant item that produces deflection. 
If the bridge was left to deflect without compensat
ing pres tressing forces, it would be difficul~ to 
control its deflection and associated stresses dur
ing and after construction. Hence, posttensioning 
is essential and must be fully used . 



2 

2. Traveler: In cast-in-place segmental canti
lever construction, a new segment is cantilevered 
from the previously constructed segment; hence, spe
cial travelers with movable forms that cantilever 
out to support the new segment are required . The 
effect of their weight must be considered. For pre
cast segmental, construction, hoisting equipment for 
lifting new segment.s is required, and its weight 
must be considered in the deflection of the precast 
cantilever structure. A common traveler weighs 
90-135 tons (includ'ng forms) and a hoist weighs 
approximately 35 tons . 

3. Form and construction load: Weights of steel 
or wood forms and a working platform must be in
cluded for cast-in-place construction . In precast 
segmental constru<;;tion , a working platform attached 
to the hoisting equipment will be required because 
it will affect the deflection. 

4. Post tensioning: In the longitudinal direc
tion (along the top flange) , posttensioning will 
countecact the dead-load deflection to a great ex
tent. It is not economically feasible to supply 
enough posttensioning to totally offset the dead
load deflection for a long span cantilever. 
Genernlly, about 70-80 percent of the dead-load 
deflection will be counteracted by incremental post
tensioning forces in the first half of the canti
lever and about 50 percent in the last half. This 
l eaves the dead load not assumed by posttensioning 
to deflect the cantilever downward. Because the 
posttensioning forces will gradually relax, the loss 
of prestress must also be taken into account , as it 
will produce a further deflection of the canti
lever. Such losses are well known for both normal 
weight or lightweight construction and can be pre
dicted successful.ly in the computation of deflec
t ions . 

5. Pier deflection: Because the bridge is con
nected to its vertical supporting member or pier, 
the deflection due to pier deformation (both axial 
and rotation) may affect the cantilever end appre
ciably. An appropriate adjustment is required in 
cast-in-place construction , especially for long, 
slender piers. 

6. Foundation rotation: Sometimes, cantilever 
constru.ction is built with unbalanced segments at 
the two sides. This produces a certain degree of 
rotation at the pi er and its foundation , and the 
ensuing angle change at the foundation and pier head 
may induce an appreciable amount of deflection at 
the cantilever ends. This effect is significant, 
particularly in cast-in-place construction and in 
elevations where the setting of forms mu-st be ad
justed. 

Continuous Framed Structure 

Continuous framed structures should take into ac
count the following conditions: 

1 . Dead load: The dead weight of the connecting 
segment is shared by the two adjacent cantilevers 
before its hardening. The deflection due to this 
closure pour and the related forms must be deter
mined and included in the camber design. 

2 . Travelers: Travelers are usually rernoverl 
prior to the closure pour. The upward deflection 
that results f.rom the removal of the weight has to 
be considered . 

3. Forms and bracing: The deflection due to the 
weight of forms and the action of the bracing system 
that distributes the weight toward each end of the 
cantilever must be a part of the deflection compu
tation. 

4. Topping, railing, curb, and utilities: Top
ping, railing, curb, and utilities must be accounted 
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for in the deflection calculations. The construc
tion schedule for the above must be predetermined 
for purposes of camber calculations, since it will 
make a substantial difference whether or not these 
loads are applied after the bridge becomes a contin
uous frame. 

5. Removal of shoring and supports: The deflec
tions due to removal of the shoring, temporary sup
ports, etc., will affect the bridge deflections and 
stresses. Staged removal or removal at the final 
stage is to be decided before the camber design and 
precast work can be planned. 

MAGNITUDE OF DEFLECTIONS 

The magnitude of the deflection will be influenced 
by the following conditions: 

1. Cantilevered structure: free cantilever sys
tem, sectional properties, mod ulus of elasticity, 
prestressing losses, concrete creep and shrinkage, 
and loading cycle and loading agei and 

2. Final continuous framed structure: contin-
uous framed system, closure sectional property , mod
ulus of elasticity, prestressin9 losses , creep and 
shr inka9e, and ratio of dead load to pres tressing 
balancing forces. 

Cantilevered Structure 

Cantilevered structure deflections are influenced by 
the following properties: 

1. System: The cantilever is built in the ear
lier stage of bridge construction by using segmental 
cantilever techniques before the adjacent canti
levers are linked with either a hinge or an inte
grated closure, which will then form a continuous 
framed structure. As t he result of the change in 
continuity , the deflection characteristics in the 
system prior to the connection are different from 
those in the connected system. 'l'ime dependency of 
load application is important. Foe example , the 
railing or curb loading may be added onto the bridge 
before or after the continuity pour in some precast 
segmental construction . Their deflections wi.1.1 be 
influenced by the system and the curing age of the 
concrete. 'l'he correspondent magnitude of th.e de
flection will differ on the order of two to three 
times . 

2. Sectional properties: The cross-sectional 
properties of the br id9e superstructure--namely the 
moment of inertia of the sect ' on, its shear area, 
and torsional pcoperties--wi.11 directly relate to 
its deflection. Proper span-depth ratios and dimen
sions for the bottom slab , which resist compression 
forces , are also essential to the performance and 
deflection characteristics of the structure. Sec
tional properties at the closure, either a hinge or 
integrated pour, will have an influence on the de
flection behavior as well. 

3. Modulus of elasticity: Because the modulus 
of elasticity for concrete varies with age, aggre
gate, and mix, its prediction must be verified with 
actual field conditions in order to make control of 
the camber possible. The approximate time-dependent 
function can be defined in accordance wi t "h cecen t 
research and committee r~ommendations. The 28-day 
concrete modulus of elasticity ca n be expressed by 
the American Concrete Institute (ACI) formula (in 
B.5.1) for both lightweight and normal weight con
crete : 

Ee= w u · 33 ·yr;:' (1) 

4. Prestress losses: Tendon forces are subject 
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to losses due to creep and shrinkage of concrete, 
elastic shortening of successive stressing, and re
laxation of steel. For a cantilever system, the 
prestressing losses will not only influence stresses 
but also the cantilever deflection. All of these 
are time-dependent variables and can be expressed as 
time-dependent logarithmic functions. 

5. Creep: The proper ultimate creep factor must 
be assessed before initial prediction for construc
t ion camber design. The effect of creep (1,2) must 
be checked with measured deflections in act-;:;-al creep 
testing in order to obtain ooc~ect camber elevations 
foe construction. In the camber design of the I-205 
Columbia River Bridge in Portland, Oregon, ultimate 
creep values of 2.0 and 1.5 were assumed foe cast
in-place and preca·st;. construction, respectively. 

6. Loading cycle a.nd age of concrete: Because 
the creep patterns are affected by the age of the 
concrete at -loading and the duration of the load, 
the segment cycle, which dominates the pre stressing 
operation cycle, will influence the long-term de
flection of the bridge. This will also affect the 
stress and strain redistribution after the system 
changes. In the I-205 Columbia River Bridge, a 
working cycle of seven days was considered for cast
in-place construction and a two-day cycle was con
sidered for precast construction. 

Continuous Framed Structure 

For continuous framed structures, the 
items are additional considerations to 
mentioned for cantilevered structures: 

following 
the items 

1. Modulus of elasticity: The change in the 
modulus of elasticity will not influence deflections 
in the final structure significantly; however, it 
will produce changes in strains and stresses in 
association with time change. 

2. Prestressing losses: At this stage, losses 
of the prestress forces will not influence deflec
tions significantly, since the sensitive point--the 
tip of the cantilever--has been changed from a free 
end to the point of a continuous frame. 

3. Creep and shrinkage: As the structural sys
tem changes from a simple determinate structure to 
an indeterminate structure, the strains and stresses 
associated with concrete creep and shrinkage will 
cause some change and redistribution of the stresses 
in the continuous systems after the connection of 
the cantilevers. Although the resulting deflection 
change is relatively small, the stress change should 
not be neglected. 

4. Ratio of dead load to prestress balancing 
forces: As the ratio of the dead-load force and 
prestress balancing force increases, the stress 
redistribution after the continuity pour will also 
be increased. Although stress redistribution is 
significant, the associated deflections are not due 
to structural continuity. 

BASIC THEORY FOR DEFLECTION COMPUTATION 

For cantilever construction, the deflection on the 
bridge is basically the problem of a determinate 
structure. Deflections can be determined by the use 
of the moment-area method: 

Della = L (M - X)/(Ec · I) (2) 

where 

deflection of the cantilever; Delta 
M moment due to dead load, construction 

load, and prestressing balancing load; 
X distances at each referenced point; 

3 

Ee time-dependent concrete modulus of elas
ticity; and 

I cantilever segmental section properties 
(moment of inertia) . 

For analyzing the deflections and stresses of 
continuous bridges, various computer programs that 
use finite-element or stiffness-matrix methods can 
be used. The equivalent method for determining the 
long-term effects in the final cont i.nuous structure 
can be found in several papers (J:.-2>· In this 
paper, only the deflection due to the cantilever 
will be discussed, and a simplified camber design 
will be described. 

Design Parameters 

The following are design parameters for evaluating 
segmental deflections. 

Variable Modulus of Elasticity 

The modulus of elasticity of concrete is defined by 
formulas in ACI 318-77 as follows: 

Ee= W1 .s x 33 x Kat 28 days (3) 

Time-dependent Ee can be described by an expression 
that is linear in the log scale and represents time
dependent characteristics. The Ee value in old con
crete can be on the order of 20-30 percent higher 
(il than in its initial 28 days. Proper assumptions 
can be made to define a curve that represents time
dependent Ee values for use in the computer program. 

Loss of Prestress Force 

The moment-area method is dependent on bending mo
ments of dead load, construction load, and prestress 
balancing forces. The dead and construction loads 
are not time-dependent quantities, but the prestress 
balancing force and its effects are a time-dependent 
quantity , a-s these forces are added in conjunction 
with additional segments. The prestressing forces 
also vary due to relaxation of steel, creep, and 
shrinkage in concrete. For simplicity in predicting 
prestressing losses in a structure with a SO-year 
lifespan, it may be assumed that 15 percent (on 
average) of the initial force will be lost. The 
expression can be described as follows: 

Fs = Fsi [I -0.0352 Log (t - I)] (4) 

where Fs is the steel stress at t days after ini
tially being stressed to Fsi, Fsi is the initial 
prestressi ng steel stresses, and there is a log base 
of 10. 

Creep of Concrete 

Concrete creep characteristics can be determined 
through laboratory testing procedures and estimated 
from values recommended by the Prestressed Concrete 
Institute (2) and Post Tensioning Institute (1) . 
The ratio of the ultimate creep strain to initial 
elastic strain is defined as the ultimate concrete 
creep factor Cu. Its value is influenced by envi
ronment, percentage of steel, concrete age, duration 
of loading, concrete mix and aggreqate, method of 
curing used ClJ, etc. Labora_tory test values (in 
a ccordance with ASTM CS12) will vary from 1.5 to 
3. 5. However, taking into consideration all exter
nal effects, the Cu value may reduce to 1.25 or 2.5 
in most bridge construction. 

For example, let Cu = 2.5 in a 50-yeac struc
ture. Assuming. that it is loaded at seven days, the 
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following formula can be used for analysis: 

Ct; 0.235 x Cu x Log (t +I ) x [I -0.224 x Log (T/7)] (5 ) 

where 

Ct 
Cu 

t 
T 

creep coefficient at different time stages, 
ultimate creep coefficient, 
time after loading applied (days), and 
days when load is applied (7 days < T < 1 
year). 

The above formula should be modified to best fit 
actual concrete properties for individual projects. 
The ultimate creep value Cu must be verif ied with 
actual test data. 

Shrinkage of Concrete 

Due to its axial deformation characteristic, shrink
age o f the conc r e t e will not s i gnificantly affect 
the deflections and stresses o f the structure during 
the cantileve r construction . It will, however, 
cause strain and stress changes in the later stages 
of the continuous structure. The axial deformations 
are restrained by supporting piers; thus, stress 
redistribution will be induced into the system. 

The following formula (_§) can be assumej for ax
ial deformation of the concrete: 

Esh; 12.5 x 10-6 x (90- H) 

where H is the relative humi dity (in percent) 
Esh is the shrinkage stra i n (use 0.0005 for 
50). Furthermore, shrinkage will vary with time 
will reach 100 percent at 50 years, as shown in 
following formula: 

(Esh) t ; 12.5 x 10-6 x (90 - H) x 0.235 x Log (t +I ) 

where t is time at the point of concern (in days). 

Basic Def lection Formulas 

(6) 

and 
H ; 
and 
the 

(7) 

For basic deflection formulas, let us assume the 
following: 

1. At each segmental stage between each incre
ment of loads and prestres s ing f o rces, the superpo
sition method is applied (4) . Concrete modu l us of 
elasticity (Ee) changes with"time. 

2. For each increment, the section will have a 
curvature change due to the dead load and prestress
ing force. The expression can be w~i tten as follows: 

where 

Thus, 

(8 ) 

total curvature, 
curvature that is induced by dead load and 
construction load, and 
curvature that is induced by prestressing 
forces. 

8mt ; (I + C1) x [M/(Ei x I)] (9) 

where 
time 

Ct is 
stages. 

is used, i.e., 

the creep 
For 9pt• 

coefficient at different 
the rate-of-creep method 

8p1 ; [(-Pix e)/(Ei x I)] + (Pi -Pi ) x [e/(Ei x I) ] - [(Pi + P1)/2 ] 

x Ci x [e/(E1 x I )] (! 0) 
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where Pi is the initial prestressing forces and 
Pt is the prestressing forces after losses at the 
time of t. Therefore, 

81 ; (M- P1 x e)x [1 /(E1 x ! )] + {M- [(P; +P1)/2 ] xe} 

x [C,/(Ei x I)] ( I I) 

3. For axial deformation only, the following is 
used: 

E; {P1 + [(P; + P1)/2 ] x C, } x [1 /(E1 x A)] + Esh (1 2) 

where A is the cross-sectional area and Esh is the 
strain change due to shrinkage. 

4. Shear deformation in cantilever girder was 
neglected. 

Based on the above assumptions, the elastic de
formations will be calculated by use of the beam 
theory. The moment-area method or stiffness-matrix 
method can accurately predict elastic deformations. 
However, in the above formulas, the moment is a 
time-dependent quantity and subject to variation of 
stage prestressing. This is also coupled with vari
able sectional properties. An electronic calculator 
or computer program that traces all the variable and 
relative displacements will ultimately give the de
flections for each section at each construction 
stage. The program flowchart is illustrated in 
Figure 2. 

Tabulation 

The deflection for each stage can be tabulated and 

Figure 2. Program flowchart . 
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Figure 3 . Tabulation of bridge deflection and camber. 
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Figure 4 . Traveler for cast-in-place construction. 

summa rized . .Por compensating deflections , the cam
ber can be obtained at a particular joint by adding 
all of the de·flections fo und in one column. Figur e 
3 shows tabulated deflections for each construction 
stage at different segment joints. Camber calcula
t:.ion and camber design were based on the assumption 
that the deflection would be compensated 100 pe.r
cent . For example , at the construction stage of 
segmen t 10, the camber value wi ll be the summation 
of the deflections found under column 10 , which is 
the total algebraic summation of 0.07 and 0.01 
(total 0.08). 

5 

CAMBER CONTROL IN CAST-IN-PLACE CONSTRUCTION 

The camber values for a cantilever can be determined 
by providing an opposite amount of deformations at 
each segment joint, such as the following: 

1. Cantilever construction deflection due to 
dead load, construction load, and prestressing force; 

2. Closure weight and forms and continuity pre-
stressing force; 

3. Topping, railing, curb, and utility; 
4. Removal of traveler; and 
5. Long-term deflection adjustment, if any. 

Note that the deflection due to unbalanced moments 
at the pier and foundation must be considered in the 
field before the new form e;l.evation is set . It must 
be recognized that, at the final balanced condition, 
this effect must also be compensated. 

Canti lever traveling forms, as shown in Figure 4, 
have been used in most bridge construction of this 
type. In the I-205 Columbia River. Bridge (north 
channel) , the traveler was designed to have a total 
weight of 135 tons, including formwork . The maximum 
weight for a segment is 350 tons and the maximum 
length is 16 ft 3 in. 

The camber for construction is tabulated and il
l ustrated in the diagrams shown in Figures 5 and 6 • 
On the upper table of Figure 5, the values shown in 
heavy diagonal boxes are the design camber readings 
for new segments. The new form at joint N is set at 
elevation EL. N (Figure 6). After concreting and 
prestress ing, the elevation will drop to EL. Nn . 
The contractor must modify the forwardi ng form ele
vation if consecutive elevations are not consistent 
with those predicted • 

Constructed elevations on a completed 300-ft can
tilever have been examined and compared with the 
proposed cambers. The elevations at the cantilever 
segment joints were within 0.5 in from the designed 
elevations. 

During the construction of segments, elevations 
at each s egment can be surveyed and compared with 
the predicted elevation. If the deflection change 
between each segmental cycle was not compatible with 
the predicted change, either the design assumption 
or the material propert ies needs to be examined and 
adjusted. 

CAMBER CONTROL IN PRECAST SEGMENTAL CONSTRUCTION 

For precast segmental construction , the casting 
techniques can be put into two categories. 

Long-Line Casting 

For long-line casting, the bridge is cast in a bed 
with the entire bridge length as if it were built on 
shoring. The camber design is the same as the cam
ber diagram for cast-in-place construction. 

Short-Line Match Casting 

For short-line match casting, the segment will be 
cast one segment at a time and cast against a previ
ously finished segment. Fig ure 7 illustrates cast
ing techniques in the l-205 project (note that the 
previous segment is used as the match-cast form and 
is seated on an adjustable table). The correct rel
ative angle change between each adjacent segment 
becomes the governing factor in the successful con
trol of deflections. Unlike in long-lined casting, 
only two segments are being adjusted at a time, and 
any error in one segment will affect the prof ile of 
the rest of the cast work and the qualities of its 
assembly. The procedure for deflection control when 
match casting is as follows. 
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Figure 5. Camber design values and diagram. 
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Figure 6. Bridge camber construction history. 
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See Figure 6 for Detail 

LINE I 

For precast segmental construction, the camber 
shall be built accurately into the precast segment 
without the convenience of field adjustment found in 
cast-in-place construction. To avoid shimmi ng in 
the field, adjustments are usually made in the pre
casting yard to correct relative angles. In order 
to compensate for deflection, the segments are cast 
with their camber, which re.quires a relative angle 
change. The angle between two chords that represent 
the two top surfaces of the segment indicates the 
angle change. Because it is a problem of space 
geometry, the relative angle may not necessarily lie 
in a vertical plane. It is also true that the angle 
change related to the bridge may not lie in a hori
zontal plane. A dihedral angle between two random 
surfaces can be derived through known formulas, and 
their angle can be obtained through vector computa
tions. 

The follow ing is an example of angle change cal
culations. Assume two surfaces in a space, where 
one surface passes through three known points. A 
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Figure 7 . Match-cast operation. 

Figure 8. Two random surfaces and their dihedral angle. 

z 

y 

plane shown in Figure 8 can be defined as follows: 

x y z 
=O X1 Y1 Z1 

X2 Y2 Z2 
(1 3) 

X3 Y 3 Z3 

(14) 

(15) 

Thus, solve determinant of A1, B1, Cl, Di . 
we can find the fourth point eleva tion Z if we 

knew x4 and l.'.' 4 , or we can ver ify t he calcu lated 
z 4 with ac t ual e leva t i on. Two planes can be used 
to establ i s h t wo equations that c ons i st of A, B, C, 
and o. Their angle change of T can be solved for 
a dihedral angle between two planes as follows: 

Cosr = [(A 1 • A2 ) + (B 1 • B2 ) + (C 1 · C2)]/(}A1
2 +Bi 2 + C1 

2 

· J A,2 + B,2 + C2 
2

) (16) 

7 

Figure 9. Cast procedure of precast segments. 

CAST AGAINST OLD SEGMENT 2 ASSEMBLY PLAN 

Bulkhead Nf!W 

SECTION A-A 

Figure 10. Precast segment is ho isted up to its key-in position 

Sca ler : 

A • B = / A/ • /B l • Cos a 
Thus, the relative angle change for each adjacent 

segment is established. Based on bridge grade pro
file and curve data, segment geometry can be estab
lished by super imposing the above data with design 
cambers. Then the angle change between segments can 
be determined in accordance with the above-outlined 
pr ocedures. Afte r the re l ative angle be tween two 
segments has bee n determ i ned, the horizontal and 
ve r t ical o f fset c an be c alculated based on t he c hord 
lengths. The diagram in Figure 9 U lustrates the 
casting procedure . Then, s egments shipped f rom the 
casting yard are hoisted into position, as shown in 
Figures 10 and 11. 

By examini ng the structural record of a 180-ft 
precast segmental const ruc tion, it is found that the 
variat i ons be tween the pred i cted and actual s urveyed 
elevations are on the order of 0.25 in for most 
joints and 0. 7 5 i n a t two pa rtic ular joints (Figure 
12). It is a lso noted that t he a bove-mentio ned can
tilever construction was done wi thout the use of 
shimming. 
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Figure 11. Hoisting equipment moves new segment into correct position. 

Figure 12. Design camber versus as·built elevation. 
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In precast segmental construction, it is diff i
cult to construct a twisting angle between two ad
jacent segments, which is necessary to accommodate a 
superelevation change. It invo ves twisting of the 
web or bottom slab from the plane of the previous 
segment. It also causes a gap at the segment joint, 
which complicates the concreting. In the I-205 
project, a slight tilting of one of the supports of 
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the old segment at the casting bed was used to 
achieve the necessary superelevation angle change. 

CONCLUSION AND RECOMMENDATIONS 

With proper control, segmental cantilevered con
struction, either cast-in-place or precast, can be 
built accurately in elevation and plane geometry. 
Camber or deflection prediction involves many param
eters, which are either time dependent or indepen
dent. In construction, a simplified analysis of 
deflection prediction is desirable. 'i'he methods 
outlined in this paper have demonstrated the prac
ticality of a simple approach to deflection control, 
and the results have proved to be satisfactory. 

From the experience o! several projects, and the 
l-205 project in particular, the simplified method 
of de.flecHon prediction can be used f or both cast
in-place and precast cantilever segmental construc
tions. The correct elevation in cast-in-place con
struction relies on the correct set.ting of forms, 
while in precast segmental construction the correct 
elevation depends on accurate casting techniques. 
Success in both types of construction will depend on 
good camber prediction. 
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Current Practices in Systems Construction of 

Concrete Bridge Structures 

JAMES J. HILL AND ARUNPRAKASH M. SHI ROLE' 

The current practices in systems construction of precast and cast-in-place con
crete superstructures are reviewed. The paper covers a wide range of bridges 
from shorter single-span to longer multispan bridges. It discusses currently 
used standard sections, their economic and operational efficiencies, as well as 
their limitations. It describes effective use of systems techniques that can op
timize costs related to formwork, on- or off-site labor, materials, equipment, 
time, transportation, and traffic detours. Systems techniques that can make 
superstructure rehabilitation alternatives for deficient bridges economically 
feasibl e are also given. 

The construction practices for concrete bridge su
perstructures have undergone very significant and 
innovative changes during the past 20 years. The 
major thrust of these changes has been toward sys
tems construction in order to accomplish overall 
savings of time and money while maintaining or im
proving the quality of construction. 

Systems construction can be described as a clear
ly defined and well-coordinated sequence of con
struction activities to accomplish e~conomically and 
operationally efficient construction. Applications 
of systems concepts to the construction of concrete 
bridge superstructures has resulted in the develop
ment of standardized sections, techniques, and pro
cedures in precast as well as in cast-in-place con
crete superstructures. The standardized sections 
include single, double, bulb, and quad tees; flat or 
voided-slab and rib-deck panels; single or multicell 
box girders; precast arch segments; and precast 
railings. Standardized techniques of methods in
clude use of standardized sections in the construc
tion of continuous spans, form-traveler, balanced 
cantilever, launching girder, incremental launching, 
and optimal scheduling. Standard procedures include 
standardization in design, specifications, and de
tails; multiple-use forms; use of precast concrete 
or corrugated steel stay-in-place forms; and slip 
forming. Current practices in the systems construc
tion of concrete bridge superstructures are dis
cussed in the following sequence: basic systems 
concepts, precast concrete superstructures, and 
cast-in-place concrete superstructures. 

BASIC SYSTEMS CDNCEPTS 

Basic systems concepts 
struction of concrete 
discussed below. 

Standardization 

currently used in the con
br idge superstructures are 

Standardization can be defined as a process of 
bringing repeatedly used similar components, steps, 
and operations into conformity with substantially 
uniform and well-established components, methods, 
procedures, or techniques. Use of standardization 
is beneficial when a number of dimensionally similar 
sections, details, or repeated construction opera
tions are involved. Resulting benefits are stricter 
quality control, increased speed of construction, 
and reduced overall on-site labor, material, and 
equipment costs. 

Use of standardization is limited to situations 
that have a large number of similar operations or 
sections of similar geometry. Other limitations in
c lude location-related constraints; availability of 

required skilled labor, materials, and equipment; as 
well as reduced flexibility in design. In certain 
situations, environmental, aesthetical, and other 
considerations may also limit the usable standardi
zation options. 

Optimization 

Optimization can be defined as a process of orga
nizing a group of interrelated components, activi
ties, or operations into a system that is as econom
ically and/or operationally efficient as possible. 
It provides the best compromise solution in terms of 
use of available resources and yields the best over
all benefit/cost ratio possible. 

The concept of optimization is being used widely 
in construction scheduling. Construction scheduling 
essentially consists of arranging the construction 
operations in such a sequence that the project is 
completed with optimal use of available resources 
and in the least amount of time. Frequent revision 
of schedules during construction keeps them current 
and facilitates prompt corrective actions. 

PRECAST CONCRETE SUPERSTRUCTURES 

Standardized Sections 

Figure 1 shows the different types of currently used 
standard precast concrete sections. It also indi
cates the ranges of section depths, widths, span 
lengths, weights, and current costs. Precast con
crete sections such as these are very widely used 
and have proved to be very competitive with rolled 
and built-up structural steel sections. Many states 
and fabricators have developed their own standard 
sections and have promoted their use. This has re
sulted in cheaper superstructure components and 
total bridge systems that require minimum material 
and on-site labor. 

Use of standard sections has proved to be econom
ically and operationally efficient where precast 
concrete plants are in the proximity and transporta
tion as well as erection equipment are available at 
a reasonable cost. Current trends indicate in
creasing applications of segmental construction 
technology in the construction of precast concrete 
superstructures. 

Standardized Techniques and Procedures 

Standardized techniques and procedures that are cur
rently used for the construction of precast concrete 
bridge superstructures include segmental construc
tion, progressive placing, cable-stayed spans, and 
Benton Bogen (BEBO) concrete arch. 

Segmental construction (_1_) is a construction that 
is put together segment by segment, then erected, 
glued together with epoxy, and finally postten
sioned. Segmental post tensioned box-girder bridges, 
which originated in Europe, are being constructed in 
the United States in increasing numbers. Maximum 
spans in excess of 750 ft (230 m) (± 12_) have been 
attained by using this technique. In a balanced
cantilever segmental system, construction proceeds 
by cantilevering segments from a pier in a balanced 
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Figure 1. Currently used standard precast concrete sections . 
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fashion on each side until midspan is reached from 
both sides, and then a closure section is poured. 
This procedure is repeated until the entire struc
ture is completed. Where symmetrical sections can
not be erected simultaneously, a temporary bracing 
or falsework is necessary. Span lengths to 300 ft 
( 92 m) have been common. Segmental technology of
fers the benefits of all seasons and, therefore, 
shorter-duration construction; partial or total 
elimination of falsework requirements; greater 
spans; and aesthetically pleasing, slender struc
tures. One recent example of this type of construc
tion is the Kishwaukee Bridge in Rockford, Illinois. 

Progressive placing CV consists of placing pre
cast concrete sections cantilevered out progres
sively from a pier or abutment in a continuous man
ner from one abutment to the other. This method 
appears to be practical in span ranges from 100 to 
160 ft (30-35 m), where the balanced-cantilever 
method is generally not economical. This system has 
the obvious limitation of cantilever stresses be
coming excessive in relation to construction depth, 
and a temporary stay may be required. 

The cable-stayed system uses temporary cables 
anchored to a prestressed concrete beam at the top 
of the tower bent to place the traveler and deck 
segment during erection. !\dd i tional temporary fore 
and back stays, which stretch long distances, sup
port the bent during deck construction. Before the 
traveler is advanced for the next section, two pre
fabricated permanent stays are attached. Sliding 
hangers haul the stays up a guide cable to steel 
anchorages atop the tower columns. Once stays are 
positioned at the tower head, the lower ends of the 
cables are jacked into anchorages in the deck seg
ments. Placed on opposite sides of a section, both 
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3' 0" - 4 ' 0" 

·cJ.O·.O·· 
~ · ~ ;. • A~ . · "' J 

JO -65 It 
(9.0 · 20 ,0 m) 

360. 1100 lb/It 
(535 · 1640 kg/ml 

$115 - 150/lt 
VOID SLAB $375 · 500/ml 

1.5-3.0 m 
5' O" • 10 ' Q" 

•. 

~ 
24" 

70-190 It 
(18.3-60.0 ml 

507·873 lb/ft 
1750-1300 kg/ml 

$12().200/ft 
($3114-656/ml 

DECKED BULB TEE BEAM 

BULB 

1.2 m .. 

1 
48" 

70 · 1110tt. 
(21 .0 · 58.0 ml 

490 . 890 lb/ft 
(730 · 1030 kg.Im) 

$120 . 180/lt 
1$395 · 590/m I 

BEAM 

9 i.15.2 m 
30' 0"-50' O" 

30·50ft 
(9.0 · 15.0 ml 
5800. 10000 lb/It 
(llBJO • 14880 kg.Im) 

$1200. 1800/lt 
1$3950 · 5900/m I 

BEBO 

Note : 
Com are in 1981 doHmn. 

KEY TO VALUES 

SPAN __ It 
m 

WEIGHT lb/It 
=kwm 

COST __ $/It 
__ $/m 

stays are stressed simultaneously as the erection 
cables are eased. Spans of more than 1000 ft (305 
m) have been constructed by using this method. This 
method is particularly suitable where the height of 
the structure precludes the use of lifting cranes 
from barges. The cable-stayed design has proved to 
be structurally more efficient and economical than a 
cantilever steel truss for spans between 600 and 
1800 ft (183 and 549 m). The 981-ft (229-m) main
span Pasco-Kennewick Bridge in the State of Washing
ton (a recent example of this technique) was esti
mated to cost $ll0/ft 2 ($ll84/m 2 ) against 
$150/ft 2 ($1614/m 2

) for steel. 
The BEBO precast concrete arch uses counterarch 

deformation action of passive earth pressures to 
balance arch deformations. Precast concrete BEBO 
arch spans up to 60 ft (18 m) have been successfully 
constructed. A recent project in Edina, Minnesota, 
is an example of this technique. 

These and other standardized techniques and pro
cedures (~) for precast concrete superstructure con
struction offer many advantages. They include the 
following: 

1. Considerable savings in construction costs and 
time, 

2. Drastic reduction or total elimination of the 
need for falsework, 

3. Reduction or elimination of problems related 
to concrete shrinkage, 

4. Factory casting conditions allow better qual
ity control and higher-strength concrete, and 

5. Longer and more slender-looking spans (at 
lower costs) have become possible. 

There are also limitations of these techniques 
and procedures. They include the following: 
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1. Need for heavy site-lifting equipment, such as 
cranes and gantries; 

2. Need for close proximity of precasting plant 
to be cost effective; 

3. Difficulties in maintaining control of hori
zontal and vertical alignment; 

4. Trucks used to transport precast concrete sec
tions are subject to load restrictions along their 
routes ; and 

5 . Depending on the technique used , fabrication 
of special launching girders 1 trusses , or gan tries 
is expe nsive (e . g . 1 $900 000 launching truss fabri
cated for the $11. 4 million Denny Creek Bridge in 
the State of Washington) (2) . 

Applications for Superstructure Rehabilitation 

Use of precast concrete technology in partial or 
total rehabilitation of concrete bridge super
structures has become increasingly common in recent 
years. Plain or voided precast concrete deck mod
ules, railing sections, a nd even precast concrete 
superstructures (complete with curb, sidewalk, and 
railings) are currently be ~ng used (~) . 

The prec-ast deck modules being used have been 
basically nonstandard items than have dimensions 
that s .uit individual rehabilitation projects . These 
range from 5 to 8 in (12- 20 cm) in thickness , 4 to 8 
f t (l.25-2 . 5 m) in width , and up to 30 ft (9 m) in 
length . Mobile truck cranes that have lifting ca
pacities of 10-lS tons (9 . 1-13.6 Mg) can generally 
handle the ernction and placement of these modules . 
P recast modules are then fastened together by means 
of welded, epoxy, and/or cement-grouted connec
tions. Where placement is to be over steel beams, 
modules are epoxy-glued to the top flanges and fur
ther attached by stud connectors and grout. 

Types of precast railings commonly used are 
AASH'.ro Type J, which weigh about 400 lb/ft (600 
kg/m) and typically cost from $25 to $35/ft 
($82-$115/m) . The precast concrete superstructures 
(complete with c u rb , sidewalk , a nd railings) are 
nonstandard and much heavier sections , which pose 
erection and placement difficulties. 

The economic and operational efficiencies of 
using precast technol09y in superstructure rehabili
tation have been quite significant . In addition to 
better quality construction, it can result in sub
stantial reduction in time required for on-site re
habilitation work, often with portions of the 
structure under heavy urban traffic. With traffic
detour-related costs soaring high and with the ener
gy crunch, current tr e nds indicate increasing future 
use of precast concrete in superstructure rehabili
tation. 

CAST-IN-PLACE CONCRETE SUPERSTRUCTURES 

Cur rent practices in the construe ti on of concrete 
superstructures indicate that , for the sho rt to 
medium single-span range (20-130 ft (6-40 m)l, 
cast-in-place concrete , fo r the mos t par t , is be ing 
replaced by precast concrete sys tems . However, 
cast-in-place concre te sys t ems are being used f o r 
multiple spans wi th conti nuo us design and bcidges 
wi th cu r ve s and flares (7) . I nno va i ve t echniques 
in design and constructi;n of cast-in-place struc
tures are being developed to overcome the obvious 
disadvantages of greater on-site labor and construc
tion time for falsework, forms, rebar placement, as 
well as placement and finishing of concrete. These 
innovations have been in terms of standardized con
struction techniques and procedures; standardization 
in design, specifications, and details; and sched
uling of construction operations. 
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Standardized Techniques and Procedures 

Standardized techniques and procedures that are cur
rently used in the constructi on of cast-in-place 
concrete superstructures include the following: 
balance cantilever, span by span, and increme ntal 
launching. 

The balanced-cantilever technique (]J, although 
basically similar to the one used in the precast 
system, uses movable formwork supported from a pre
viously erected segment or form-traveler, while the 
segment is formed, cast, and stressed. The Pas
co-Kennewick Bridge in the State of Washington was 
constructed with this technique. Span lengths up to 
300 ft (92 m) have been successfully and economic
ally built by using this techn i que . 

Span by span (!) is construction of the super
structure in one direction, one span at a time, by 
using a movable form carrier. The form carrier pro
vides a type of factory opera tion at the job site; 
its advantage is that it permits versatile adjust
ments in the field. It is supported on piers or on 
the ground when possible. As each segment is cast, 
the reusable forms are released and the segment 
rolls forward by means of structural steel out-rig
gers on the outside of the f orm carder. The car
rier may be located above or below the deck, depend
ing on space and span requirements . Th i s type of 
construction is e specially suitable for l ong via
duct-type s·tructures , whe re repeated construction 
can affocd economi es. It was used in the construc
tion of the Denny Creek Bridge in t he State of Wash
ington , where typica l construction t i me for a 100-ft 
(30.5-m) span was five to eight cale ndar days. 

Incremental launching (!) is a segmental con
struction technique. It involves superstructure 
segments, from 33 to 100 ft (10-30.5 m) in length, 
which are match-cast in place in stationary forms 
behind the abutment. After the concrete reaches 
sufficient strength, the new segment is postten
sioned to the previously cast segment. The assembly 
of units is then jacked forward, horizontally and 
vertically, over teflon and stainless-steel bearings 
on top of the piers . Straight or s i mple curved 
superstructure alignments are possible with spans up 
to 200 ft (61 m). Cons truction of spans up to 300 
ft (92 m) are possible with th i s t echnique if t e mpo
rary falsework i s use d . The i ncremental-launching 
technique is particularly suitable whe r e t he t e rrai n 
and use of heavy crane egu i pme nt are diff i cul t . 
Construction of the Wabash Ri ver Bridg e i n Cov i ng
ton, Indiana, was planned by using this technique. 

Standardization in De sign, Specifications, 
and Details 

Although there is great potential for their applica
tion, systems concepts are no t being appl i ed com
monly to design, spec if i c a t i ons, and details . Cur
rent applica t ions and the ir be nefits are as follows : 

1. Standardization of design components in order 
to s implify formwork and reduce la bo r, materials, 
and equipment costs, as well as overall construction 
time; 

2. Standardization and opti mization of rebar de
tails (i.e., sizes and spacings) to simplify placing 
and effect savings in placement time and costs; 

3. Design tha t reduces the number of joints or 
eliminate time-consuming and costly expansion joints; 

4. Design that uses commonly available equipment 
and locally available mate r i als; 

5. Use of objective and realistic tolerances in 
the specifications; 

6. Use of standardized details to simplify place
ment of materials and save on-site labor, equipment 
time, and cost; 
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7. Design that uses prefabricated forms if pos
sible; and 

8. Use of specifications and specialized materi
als that can result in time savings and improve the 
quality of construction (e.g., superplasticizers 
that help reduce water content and simplify place
ment and finishing of concrete). 

Scheduling of Construction Operations 

The systems concept of optimization is wide l y used 
in the scheduling of operations in cast-in-place 
concrete construction. Objectives in the use of op
timization techniques are reduct ion of on-site 
labor, materials, and equipment costs, as well as 
savings in overall construction time. 

Construction scheduling essentially consists of 
arranging several construction operations in such a 
sequence that the project is completed in the least 
possible time while using the a vai lable resources in 
the best possible way. Incorporated in such a 
schedule is a thorough understanding and knowledge 
of how long each construct ion operation would take; 
l ead- ime requireme nts for labor , materials , and 
equ ·pment; time requirad to prepare and obtain ap
provals of shop drawings; and subsequent delivery of 
materials . Extensive use o .f the cdtical path 
method (CPM) and the program evaluation and review 
technique (PERT) of similar methods is currently 
being made for scheduling construction of cast-in
place superstructures. 

Applications to Superstructure Rehabilitation 

Use of systems concepts in cast-in-place concrete 
superstructure rehabilitation has currently been 
somewhat limited. Precast concrete form panels, 
corrugated-metal deck forms , and slipform\ng are 
commonly being used to accomplish reduction in time 
and costs related to falsework and formwork. Con
struction scheduling is the other area where systems 
concepts are effectively employed. 

CONCLUSION 

This paper has reviewed the current practices in 
system construction and rehabilitation of precast 
and cast-in-place concrete superstructures. On the 
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basis of this review, the following conclusions can 
be made: 

1. Use of standardized sections has been effec
tive in reducing on-site construction labor costs 
and time while providing reliable measures of strict 
quality control. Current trends indicate future in
novations in standardized sections to further reduce 
on-site labor costs and time. 

2. Use of standardized techniques has made a sim
plified applicat on of sophisticated techniques 
feasible and practical. 

3. Use of standardized procedures has ensured op
timal use of on-site .labor , equipment , and materials. 

4. Innovative use of systems concepts to rehabil
itation of concrete superstructures is becoming more 
conunon. It has effected very valuable savings in 
construction time as well as raffic-detour-related 
and other costs, especially in urban areas. 
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System Construction of Medium -Span Bridges 1n 
Prestressed Concrete 

MAN-CHUNG TANG 

The svstem·construction molhod ha5 beon applied widely in the construction 
of medium·span b1id9es in the United Srntcs in fecon t yeiirs. Tho advantage of 
achievin g ofllciency through repetition of work becomes obvious. The mo" 
oommonly used schemes are put into four !JTOUps: incremenrnl launching, 
c1mtilcv ring, span by spon, nnd stage construotion. Both procast and cast-in
place applications arc discussed. 

Medium-span prestressed concrete bridges have under
gone significant development in North America in the 
past decade. The developments can be grouped in 
three areas: (a) code modifications, (b) more ad-

vanced methods of analysis, and (c) innovative con
struction techniques. 

There have been many changes and modifications in 
the design codes to acconunodate and facilitate the 
use of modern prest ressed concrete. They encouraged 
trans11erse posttensioni.ng and eliminated costly in
termediate diaphragms for box girders. Many codes 
also provide a more realistic assessment of pre
s tressed losses and the time-dependent behavior of 
concrete. 

More clearly defined and simpler methods of anal-
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Figure 1. Schematic sequence of incremental launching of box girders. 

Figure 2. Incremental launching. 

ysis are now a vailable . More sophis tica ted c omputer 
programs have mad e it possible to a na l yze bri'dges 
that have comJ?liCated configurat ions a nd construc
tion stages. 

Many cast-in-place and precast methods have 
achieved further deve lopment to make them suitable 
for medium-span bridges. Besides classical canti
lever construction, bridges have been built by 
spa n-by-span segmental construction, with ove r head 
or underrunning trusses, by sta~e construc tion, by 
incremental launching, and by many other techniques. 

GENERAL 

Many new and efficient construction methods have 
been introduced to the u.s. building industry over 
the past decade fo r the construct ion of concrete 
bridges . Bes i des t he c an t ilever method, wh ich has 
made poss ible the c ons t ruction of l arg e s pans such 
as the 790-ft Koror Bridge and the 640-ft Perrotts 
Ferry Bridge, other construction techniques for me
dium-span concrete bridges have been used very suc
cessfully. These new techniques have made construc
tion of concrete bridges more efficient and, conse
quently, more competitive. 

This paper r eports only on those construction 
methods that are suitable for medium-span lengths, 
i.e., 120-350 ft . It also includes those methods 
that have not been used in the United States but 
have been applied successfully elsewhere in the 
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world. In most cases, the efficiency is a product 
of repetition, i.e., system construction. 

INCREMENTAL LAUNCHING 

Although i nc reme nt al launc hing was developed more 
than a decade ago , this me t hod had been applied only 
once in the United States. This method was used on 
the Warren County Bridge in Indiana. 

The principle of incremental launching is quite 
simpl e . It involves usi ng a stationary cast i ng bed 
at one end of the br idge . The girder is c ast in 
segments of between 30 and 80 ft in length. After 
each segment has been cast and posttensioned, the 
girder is pushed out from the casting bed incre
mentally. To facilitate launching, or the pushing 
operation, sl i d ing block s are installed on t o p of 
the piers. These s liding blocks have a stain
less-steel skin. Tefl on-coa ted pads are fit ted in 
between the girder soffit, and the sliding blocks 
thus reduce friction to as low as 1.5-2 percent of 
the vertical reaction. A launching nose, usually 
made of steel, is attached to the leading edge of 
the bridge girder to reduce the cantilever bending 
moment (Figures 1 and 2). 

Depending on the size of the segments, each stage 
of construction can be completed in a oneto two-week 
cycle. For small bridge girders, the segments may 
be cast in one operation. For large bridge girder~, 
the usual procedure is to cast the bottom slab first 
and then the webs and top slab in a second casting 
operation. Thus, the length of the casting bed is 
equal to the length of two segments, so that the 
bottom slab will be cast at the end of the casting 
bed s imul taneously with the casting of the webs and 
top slab o f the prev i ous s egment. This system is 
especial ly advantageous .for union l abor in the 
United States, where the work of various trades may 
not be interchanged; therefore, having two working 
locations can accommodate the even distribution of 
the labor forces. 

The advantage of this method is that the casting 
bed, which is sometimes called the factory, is sta
tionary. The major part of the work force is em
ployed in repetitive work every working cycle and in 
the same location. In addition, the logistics of 
material transportation and accessibility is greatly 
simpl ified . One ma jor drawback wi th this method oc
curs dur ing the launching ope r ation . Usua l ly , the 
launching of each segment will last only about 3 h. 
However, one worker is required to be at each loca
tion where a sliding support is used. This will re
quire additiona l workers, who are all needed at the 
same time, f or a short per iod during t he launching 
operation. 

Because the bridge is cast at one end and ad
vanced until it reaches the opposite abutment, cer
tain geometric restrictions exist. Generally, only 
straight bridges or bridges with uniform curvature 
(a circular arc in either the horizontal or vertical 
direction) can be built by this method. This is not 
a serious restriction for a bridge structure. How
ever, this method has to be incorporated into the 
design before the geometry of the bridge has been 
established. Because this construction method poses 
these restrictions in the geometry of the bridge, 
many highway engineers will not attempt to accommo
date such a geometric layout. If the bridge is on a 
nonuniform curve, this construction method cannot be 
used. This is probably the major reason this method 
has not been used more widely in the United States. 

SPAN-BY-SPAN CONSTRUCTION 

In lieu of a stationary casting bed or factory at 
the abutment from where the bridge girder is sequen-
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tially pushed from one abutment to the other, it is 
also pos sible to build t he b r idge span by span by 
using cast i ng fac tory tha t can span f rom pie r to 
pier and cast the bridg e girde r e ither in segments 
within a span o r oast a s pa n i n a s i ngle opet ation. 
There are many alternatives to this type of con
struction. 

Elz Valley System 

The Elz Valley system was first applied to the con
struction of the Elz Valley Bridge in West Germany 
(Figure 3). Although the early bridges built this 
way usuall y ha d spans of about 120 ft , it is pos
sible to bu ild this type of bridge with spans up to 
200 ft. Th i s construction method empl oys a steel 
form carriage that is o ne span in l ength and is de
signed to support the wei ght o f the t otal span. The 
form carriage has a l au nch ng nose tha t o an be used 
to move the carriage from span to span or, more cor
rectly, from pier to pier. Instead of building 
spans from pier to pier with construction joints 

Figure 3. Elz Valley method. 

Figure 4. Span-by-span T-girder construction with below-deck erection trusses. 
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close to the piers, it is more economical to locate 
the construction joints at inflection points or, 
usually, just at the fifth point of the span. Ex
pansion joints can also be located at these con
struction joints if they are required. Construction 
of the superstructure can be accomplished without 
interfering with ground traffic or navigation. It 
is, ther e fo re , very suit able f or high-le vel bridges 
where ma t erial supply from be l ow is dif f ie ult or 
costly. Because the superstructure is continuously 
built from one end to the other, construction mate
rial can be supplied across the completed deck to 
the span under construction. 

There are variations of this system. Instead of 
using a complete carriage as one unit, separate un
derdeck trusses have been found very economical 
(Figure 4). These are trusses that span from pier 
to pier and can also be moved forward. 

Although this construction method was originally 
developed for solid girder bridges and for mush
room-type (variable-depth slab) superstructures, it 
has been applied to box girders in recent years 
(~'igure !:>). The result has been quite successful. 
The construction time for each span usually takes 
between two to three weeks after the crew has ac
quainted themselves with the construction method. 
For bridges that have longer spans or wider decks, 
the segments can be reduced to 50- to 70-ft 
lengths. This is economical, especially if the 
total length of the b ridge is not great and, by sub
dividing the span i nto smaller s egments, the re
quired formwork will be less and the form will be 
used over a larger area, thereby reducing costs. 

Eel River Method 

If the total length of the bridge is not long and 
the investment in a span-by-span form carriage is 
not economically warranted, it is possible to use a 
variation of this span-by-span method, as in the 
case of the Eel River Bridge (Figure 6). The prin
ciple is the same as the Elz Valle y method except, 
instead of a form carriage, falsewor k will be used 

Figure 5. Span-by-span box-girder construction with below-deck erection trusses. 
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Figure 6. Eel River Bridge. 

Figure 7. Seven Mile Bridge: span-by-span (over water) precast concrete box
girder construction with overhead trusses. 
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that is supported from the ground and provides a 
platform for the formwork of the superstructure. 
The falsework is about one span long, which is 
similar to the length of the form carriage. The 
bridge superstructure can then be divided into 
smaller segments (about 4 0 ft) , as in the case of 
the Eel River Bridge. The formwork can be slid on 
top of the falsework platform. After each segment 
is completed, these forms can be simply lowered and 
slid into position for the next segment in a matter 
of 1-2 h. Again, due to the repetitious cycling of 
the work, the labor force becomes very efficient af
ter a few cycles of operation. 

Long Key Method 

P recast segments were used in the construction of 
the Long Key Bridge, which is about 12 000 ft long 
and has typical spans of 118 ft. A steel truss is 
used to support the precast segments. These seg
ments are transported to the job site from the pre
casting yard and then assembled on the steel truss. 
The completed span is then post tensioned together, 
and the steel truss is lowered and moved forward to 
the next span. 
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A variation of this method was used for the con
struction of the Seven Mile Bridge in Florida (Fig
ure 7). This bridge has a total length of about 35 
900 ft and typical spans of 135 ft. The segments 
are transported by barge to the bridge site and as
sembled on a barge-mounted truss. This barge is 
then placed between the piers. The pier segment is 
erected separately by means of an overhead truss. 
After the erection of the pier segment, the overhead 
truss is then used to raise the whole span. A 
closure pour is then made between the new span and 
the previous span while the new segments are sup
ported by the overhead truss. The superstructure is 
then posttensioned after the closure-pour concrete 
has gained suff i c i ent strength. The newly erected 
span is self-supporting after posttensioning; the 
supporting truss is then released and the cycle is 
repeated at the next span. 

Two features have made this method very effi
cient. The first is the use of dry joints between 
the precast segments, i.e., without epoxy or any 
other bonding agent. This allows for easy assembly 
of the segments on the truss because, without any 
bonding agent between the joints, the segments are 
not sus- ceptible to deformations of the truss. The 
second feature is the use of 
internal-suspension-type ten- dons. These tendons 
are not bonded to the concrete structure but only 
suspended at the high point at the piers and the low 
point at locations inside the box girder. They are 
protected by grouting the plastic conduits for the 
tendons. These internal tendons will eliminate some 
tolerance problems in duct alignment that occur when 
tendons are embedded in the concrete section. When 
using a very high early-strength concrete for the 
closure pour, this erection method has achieved a 
construction speed of one span per day. 

CANTILEVER CONSTRUCTION 

For medium-span bridges, canti l ever construction can 
be competitive by using overhead trusses or erection 
cranes. If an overhead launching truss is used, the 
bridge is usually constructed in a balanced-canti
lever pattern from atop the piers and proceeds in 
one direction to the completion of the bridge. The 
truss will span from the finished part of the bridge 
to the next pier where the new cantilevers are to be 
started. Precast segments are transported to the 
end of the truss. The hoisting equipment at the 
truss will pick up this segment and transfer it 
across the open span to the ends of the cantilever, 
where it is tied to the previously erected segments 
by posttensioning. A closure pour will then be made 
in the middle of the following span. The launching 
truss is then advanced after the concrete at the 
closure pour has attained sufficient strength and 
posttensioning of the continuity tendons in com
pleted. It is a l so possib l e to connect the canti
levers at the closure joi nt by means o f local steel 
clamps so that the launching truss may be moved to 
the next span without hav i ng to wait until the clo
sure pour is completed. However, certain precau
tions are necessary to avoid disturbance of the con
crete closure pour when the concrete is still 
young. The first cantilever bridge in the United 
States that used an overhead truss is the Kishwaukee 
Bridge (Figure 8). 

This me thod can also be used for cast-in-place 
cantilevers (Figure 9). The first use of this 
method was at the Siegtal Bridge in Germany. In
stead of transporting the precast segments, the 
overhead truss is used to transfer form travelers 
from one pier to the next pier. It also serves as a 
walkway for personnel and for the transportation of 
construction materials. 
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Figure 8. Kishwaukee River Bridge: cantilever with overhead truss. Figure 10. Vejle Fjord Bridge. 

Figure 9. Cantilever construction method with launching truss. Figure 11. Span-by-span stage construction method (Denny Creek) . I ~ I c===:-: :_- ---- ----------- - -- --:::_::_-_~, 
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Two recent applications of this concept are the 
Vejle Fjord Br idge (Figure 10) in Denmark, which 
used cast-in-place construction, and the St. Cathar
ine's Bridge in Canada, which used precast segments. 

For the construction of the Linn Cove Bridge in 
North Carolina , another var iation occurs . ln order 
to avoid disturbing the local environment, no access 
roads are allowed to the intermediate piers. A 
stiffleg is used to reach to the ne x t suppor t from 
the finished portion of the bridge. A stiffleg 
crane is used to e rect seg·ments from the advancing 
edge of the brid9e . 'l'empoi:ary supports are provided 
at the midspan so that the s uperstructure will can
tilever only half of the span each time to the next 
pier. A closure pour i's provided in each span to 
eliminate any tolerance problem within this span. 

STAGE CONSTRUCTION 

Stage construction is similar to span-by- s pan con
struction, except that the cross section of the 
bridge is subdivided into longitudinal slices. 

One example of this type of construction is the 
Denny Creek Bridge in the State of Washington CF ig
ure 11). The cross section o f this bridge is sub
divided into three parts. 'l'he first is a u-shaped 
section that consists of the bottom slab and the two 
webs. The second i s the top slab between the webs, 
and the third part is the cantilever slab at both 
sides of the cross section. The first a nd second 
parts are cast in lengths of one span, while the 

STAGE I 

STAGE ll 

STAGE m 

third part of the cross section can be divided again 
into two or more segments per span. 

The bridge is designed in such a way that the 
first portion is cast by means of a launching truss 
supported by the piers, which is very similar to the 
span-by-span construction described prev iously. 
This U-shaped girder, after pos ttensioning, is 
self-supporting. It is also strong enough to sup
port additional formwork for the middle part of the 
top slab plus the weight of the top slab. After the 
U-shaped girder is posttensioned, the supporting 
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Figure 12. Cantilever and stage construction combination (Kochertal Bridge) . 

STAGE II 
(CI P) 

PRECAST STRUT 

LEGEND : 

STAGE I ERECTED BY CANTILEVER METHOD. 

STAGE II ERECTION BY OVERHEAD TRUSS. 

I 01'- 8" 

STAGE I 

(CI P l 

Figure 13. Cantilever and stage construction combination for casting wing slabs 
(phase 2). 

truss can be moved ahead for the construction of the 
next span. The third portion of the cross section, 
the wing slabs, are cast by using formwork supported 
by an afterrunner. 

The advantage of this system is that the sup
porting truss that spans from pier to pier carries 
only the weight of the U-shaped girder, whereas with 
span-by-span construction the truss has to carry the 
total weight of the girder. The savings in the 
weight of the truss are manifold. Moreover, this 
method allows the construction work to be spread out 
into three separate stages; therefore, cycling of 
the labor force is more efficiently distributed. 

Similar methods have been applied to other 
bridges in Europe. One method employs an underslung 
truss to support the total weight of the span but, 
during construction, it is separated into two 
stages: first, the bottom slab and a small part of 
the web, then, in a second stage, the remainder of 
the webs and the top slab in one piece. It is re
ported that an average two-week cycle was quickly 
achieved. 

By using precast girders, span by span with 
cast-in-place top slabs could also be defined as 
stage construction. This is a very common construc
tion method for shorter spans. However, by using 
box-shaped girders similar to the construction of 
the Dumbarton Bridge in San Francisco, the span of 
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STAGE II 
(CI P) 

the bridge can be extended to 150-160 ft. 

A combination method uses precast girders that 
have relatively smooth top surfaces erected on ham
merhead piers. The top slab is cast by a stationary 
form at one end of the bridge and then pushed out 
segmentally, which is similar to the incremen
tal-launching method. The top slab can then be con
nected either by shear studs that are cast into pre
formed holes in the slab or by welding together 
steel plates that are separately cast in the girder 
and the top slab, respectively. Depending on the 
size and geometry of the bridge, this combination 
method can be competitive. Other combinations, such 
as that of the Kochertal Bridge (Figures 12 and 13), 
can also be very efficient. 

SUMMARY 

The purpose of system construction is to apply the 
principle of mass production to achieve efficiency 
and economy by the cycling of repetitive opera
tions. Standard American Association of State High
way and Transportation Officials (AASHTO) girders 
have been used widely in the United States. Post
tensioning has provided bridge engineers another ex
cellent tool in developing new construction tech
niques. It is very encouraging to see that many 
contractors are receptive to this type of construc
tion. As a matter of fact, many contractors have 
even developed some new construction ideas to 
achieve efficiency and economy by themselves. 

Unlike long-span concrete bridges, which up to 
now could only be built practically by free canti
levering or cable-stayed free-cantilever methods, 
medium-span bridges can be built in a wide variety 
of ways. The various alternatives grouped under the 
subtitles of incremental launching, span by span, 
cantilevering, and stage construction are some basic 
examples of how those bridges can be built. With 
imagination, many more variations on these systems 
can be created. 

Publicatio11 uf this paper sponsored by Co111111ittee 011 Co11srructio11 of Bridges 
a11t! Structures. 
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Segmental Construction for Concrete and Steel Bridges 

That Incorporate Posttensioning 

CHARLES REDFIELD, CHUCK SEIM, AND T.Y. LIN 

An overview of recent segmental construction for concrete and steel bridges 
is presented. Particular emphasis is on bridges where posttensioning techniques 
have been used. Currently, segmental construction is perhaps the most pre
dominately used method of systems construction for bridge structures. This 
paper describes the various types of segmental construction. The variables dis
cussed are major materials employed, type or shape of segment used, structural 
systems incorporated, and construction methods employed. 

This paper presents an overview of the recent seg
mental construction for concrete and steel bridges 
up to 1981 and places particular emphasis on those 
bridges where posttensioning techniques have been 
used. Currently, segmental construction is perhaps 
the most predominantly used method of that portion 
of what is called systems construction for bridge 
structures. 

Systems construction of bridge structures may not 
have a strict def ini ti on, but it is generally be-
1 ieved that it includes repetitive use of designs, 
forms, plants, machinery, and equipment in the pro
duction and erection of bridge members. Segmental 
construction may be defined in different ways. In 
its narrower sense, segmental construction has come 
to refer only to bridges made of precast or cast
in-place concrete box sections. In its broader 
sense, any bridge construction that employs repeti
tive placement of segments in any material of what
ever shape may be termed segmental construction. 
Many steel bridges of the box-girder type are 
erected in segments, and these bridges are certainly 
of the segmental type. 

Because the main purpose of this paper is to de
scribe the various types of segmental construction 
that have been or are being employed in this country 
and in other parts of the world, it will be inter
esting to describe the several variables involved in 
this construction, such as the following: 

1. Major materials employed, 
2. Type or shape of segments used, 
3. Structural systems incorporated, and 
4. Construction methods employed. 

There can be various combinations of the above 
four variables, For example, a segmental bridge of 
steel construction can be built by using box-shaped 
segments to form a cable-stayed bridge built by the 
double-cantilever method of construction. We be
lieve that with this approach, engineers will 
broaden their outlook of segmental construction and 
view it as consisting of different combinations of 
these variables applicable to various requirements 
for a project. 

MAJOR STRUCTURAL MATERIALS 

Most bridges that employ segmental-type construction 
are built by using concrete or structural steel. 
However, the segmental concept can also be applied 
to other materials, such as wood and masonry. Fre
quently, steel cables are either applied externally 
or internally to construct prestressed units or used 
as external supports to form cable-stayed struc
tures. The combination of steel and concrete, which 
usually act together in composite action (with steel 
as the main carrying members and concrete for the 

bridge deck), is often used. Cable can be used to 
either posttension or pretension concrete decks. It 
can also be used to posttension the steel girders to 
reduce dead load moments that in turn reduce the 
weight of steel required. Thus, we can envision 
three major structural materials--concrete, struc
tural steel, and steel cables--used alone or in com
bination for the purpose of achieving economical 
segmental construction. 

TYPES OF SEGMENTS 

Currently, the most popular type of segment is the 
transverse segmental type that normally comprises a 
box shape. The box shape has a special advantage in 
that it is a rugged section that can be easily 
transported and erected and forms a torsionally 
stiff section that adapts itself to both the posi
tive and negative moments of the structural system 
employed. However, there are also some basic dis
advantages for a box shape, as compared with other 
shapes, since it may require excessive material and 
labor. This is true for both concrete and steel box 
sections. As a result, boxes with orthotropic steel 
decks frequently have proved to be uneconomical. 
Concrete boxes may be uneconomical for short or me
dium spans or where the bottom soffit may not be re
quired structurally. They also add weight and addi
tional cost for labor, forming, transportation, and 
material. 

Longitudinal precast segments, which use standard 
I-beams and T-beams and are precast and erected in 
parallel, have been another popular type of segmen
tal construction for many years. They can be clas
sified as longitudinal segments to distinguish them 
from the transverse segments described above. The 
immediate advantages in the use of such segments 
when constructed in elements of 120 ft are the sim
plicity of fabrication and the relative ease in 
transportation. Furthermore, in continuous systems 
they can be lengthened to 150 ft and perhaps be
yond. These longitudinal sections are spaced sided 
by side with the concrete deck poured in place. 
This is often an expensive process, since such in
place concreting has not yet been highly mechan
ized. By using reinforced concrete decks, these 
segments are spaced somewhat close together. Then, 
by using transverse posttensioning of the deck, the 
spacing can be increased, thereby resulting in over
all economy. Concrete T-beams of the longitudinal 
segmental type can simplify deck construction, but 
their spacing may be limited unless gaps are left 
between the T-beams. 

Another longitudinal segmental type is the 
V-shape or inverted-Delta shape that was used for 
the Dumbarton Bridge. These V-beams are rugged and 
relatively stable for handling and can be joined to 
form longer spans. For example, the Dumbarton 
Bridge joined two 75-ft-long V-beams to form beams 
150 ft long. When used for approach spans, their 
sloping sides blend well aesthetically with the 
longer main-span box girders (Figure 1). 

Another interesting shape is the segmental waffle 
type. Precast waffle segments can be placed in a 
grid pattern on falsework supports to form bridges 
of varying width and curvature. Tendons are placed 
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between the webs of the units and the space is 
filled with concrete that has a topping. The Hegen
berger Bridge in Oakland, for example, was made of 
waffle segments 10 ft by 15 ft by 6 ft 2 in; the 
walls were only 3 in thick. These were precast at 
the site in the form of inverted bathtubs (Figure 
2) • Tendons were then placed within the troughs 
between these segments and integrated with poured
in-place concrete. 

Another segmental construction technique is il
lustrated by the Rio Colorado Bridge in Costa Rica 
(Figure 3) . Precast channel-shaped plate elements 
are supported on cables draped between abutments. 
These cables were then post tensioned to form a rig id 
lower platform from which the entire superstructure, 
also composed of precast column and beam elements, 
was erected. 

Wing-type segments were used for the San Fran
cisco International Airport elevated roadway (Figure 
4) and then again for six intersections in Bogota, 
Colombia (Figure 5) . These wing-shell sections with 
transverse ribs were precast without match-casting 

Figure 1. Dumbarton Bridge. 

Figure 2. Hegenberger Bridge. 
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and placed side by side on falsework with a 0.5-in 
gap in between . Epoxy is not used at the joint. 
Then in situ concrete is poured over the top to form 
the deck onto the spinal beam. Posttensioning is 
applied in the spinal beam to carry the load longi
tudinally, but the posttensioning forces are trans
mitted only through the in situ concrete. The wing 
elements are used to support the loads trans
versely. This is a very economical segmental con
struction when using concrete, but its span is prob
ably limited to less than 200 ft. A combination of 
a steel spinal beam with composite concrete wings 
perhaps can prove to be a solution for longer spans. 

Figure 3. Rio Colorado Bridge. 

Figure 4. San Francisco International Airport elevated roadway. 
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STRUCTURAL SYSTEMS 

The third variable in segmental bridge const.ruction 
lies in the basic structural systems employed . Cur
ren Uy , t he balanced double cantilever is the l\lOSt 
frequent l y used system (Figure 6J • However, the 
single cantilever , which has the other e nd anchor ed 
by counterweight , has also been built . In any caBe" , 
cantilever construction is a natural solution when 
steel cables are posttensioned along the top of the 

Figure 5. Bogota, Colombia, intersection . 

Figure 6. Rio Higuamo Bridge, San Pedro de Meloris, Dominican Republic. 
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section. Although this has been used only for con
crete construction, it is envisioned that it can be 
used for steel bridges that incorporate composite 
concrete decks. 

The second predominate type of segmental bridge 
construction is the cable-stayed bridge . For exam
ple, the Pasco-Kennewick Bridge used precast trans
verse sections in a. cable-stayed bridge (Figure 7), 
while the Kwong Fu Bridge in Taiwan employed precast 
longitudinal sections (FiguLe 8) • Other seg mental 
bridges of the c able-stayed type could be built with 
travelers in cantilevering fashion, as was planned 
for the Ruck-A-Chucky Bridge. 

Span-by-span erection seems to be a method for 
shorter spans. These simple spans can be made part
ly continuous for live load, such as was done for 
the Long Key Bridge in Florida (Figure 9). 

Another approach is the use of continuous spans 
by using segmental construction (as was used for the 
San Francisco Airport elevated roadway). Expansion 
joints are placed either over the supports or at the 
point of inflection for every few spans. The Rio 
Colorado Bridge is an example of a suspension bridge 
that uses segmental construction for t he lower sus
pended chord, columns, and deck system. 

CONSTRUCTION METHOD 

The constructio n method is a prime c o nsideration in 
both the design and er ection of s egmental bridges, 

Figure 7. Pasco -Kenn ewick Bridge. 

Figure 8. Kwong Fu Bridge. 
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Figure 9. Long Key Bridge. 

n·llne 
'ding 

particularly when incorporating posttensioning tech
niques. Speaking in general terms for both steel 
and concrete bridges as described above, there are 
essentially four general methods of construction. 

The traditional method of construction is the use 
of falsework supported from the ground. Such false
work may have temporary supports at suitable and 
close intervals that are spanned with steel girders 
or trusses to form over traffic openings. The 
falsework provides a broad work platform that serves 
as a soffit form. This conventional method, which 
generally uses pipe scaffolding, can be very econom
ical, especially if the structures are over land and 
not very high. It can also lead to economical steel 
erection by providing temporary supports for steel 
modules until permanent joints can be built. 

Cantilevering or double cantilevering, which re
sults in free-span construction, is very appealing 
and is becoming a popular method of construction. 
This method is generally used for concrete bridges 
up to about a 600-f t span but has also been used in 
certain cases for longer spans. The steel box
g irder San Diego-Coronado Bay Bridge was erected by 
the double-cantilevering method for its 660-ft main 
span. For cable-stayed construction, both concrete 
and steel spans can employ cantilever construction. 

The incremental-launching method has been used 
for many bridges in Europe and for at least one 
bridge in the United States. Although mainly done 
in concrete, they can also be done in steel. In 
fact, steel, being a material that can take both 
tension and compression, would suit itself very well 
to this method because of the fluctuating static 
system during construction. As domestic examples, 
the railroad bridge over the Arkansas River was con
structed this way by using steel and the Wabash 
River Bridge in Indiana was launched by using a pre
stressed concrete structural system. 

A fourth type is the use of launching trusses. 
Such trusses can be launched forward to provide a 
support for erecting the superstructure in steel or 
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concrete. After the span is erected, the truss is 
advanced for the next span. When building over 
water, the truss can be lowered onto a barge and 
moved forward to the other spans. Whenever there 
are many repeated spans, this type of construction 
can be economical for steel. and concrete segments 
and for precast or cast-in-place segments. 

DESIGN OF SEGMENTS 

The design of a segmental bridge involves many 
facets, starting with the layout of the bridge. 
There is, of course, the classical er iter ion that 
the cost of the superstructure and substructure 
should be proportioned to result in a minimum total 
cost. Although a designer should economize the sub
structure and the superstructure each by itself, he 
or she needs also to think of the two together so 
that the choice of type of segment or segmental con
struction may depend of the considerations discussed 
above. 

Whether to use a single or multiple box, I-shape 
or T-shape, wing or waffle sections, or steel or 
concrete can be a major decision in the design of a 
segmental bridge. The location of hinges to relieve 
shrinkage, creep, and temperature stresses and their 
effects on maintenance and riding quality are other 
important considerations. 

The posttensioning or cable stressing of steel 
bridges is of recent interest in reducing the cost 
of steel bridges. These are being developed for 
various crossings that range from slightly more than 
150 ft and up to 600 ft or more. Some of these 
cables can be prefabricated, attached to the struc
tural element, and then prestressed in the shop or 
yard under controlled conditions so that systems 
construction is applied. The art and technique of 
posttensioning tendons have now advanced to a high 
state of perfection when applied to concrete. There 
is every indication that it can be applied to steel 
with resulting economy. This is exemplified by the 
Bonners Ferry Bridge, which is now under final 
design. 

JOINERY AND DETAILS 

One important item in segmental construction is the 
joinery between sections. For steel construction, 
field joints should be limited to bolting and 
welding should be limited to the shop. For concrete 
construction, the use of epoxy has not always been 
successful. Perhaps wet or poured-in-place joints 
and other methods could be developed to become more 
economical, thereby incorporating the advantage of 
precast construction with the homogeneous quality of 
cast-in-place construction. 

Posttensioning detailing has developed to the ex
tent that numerous types of joinery are available to 
the designer. The use of post tensioning detailing 
in concrete construction is well known and, recent
ly, the use of tendons and anchorages in steel con
struction has proved to be equally applicable. 

Joints in steel segmental construction are usu
ally made to provide continuity between the seg
ments, thus allowing the use of specially designed 
segments that can be fabricated, transported, and 
lifted economically. Joints made in the field are 
made predominately with A325 high-strength bolts, 
but A490 bolts, which are of higher strength than 
the A325 bolts, offer potential savings because 
fewer bolts are required. At times, field joints 
are welded but are usually more expensive than 
bolted field joints because edge fit-up requires 
tight dimensional tolerances, the welding process 
demands close controls, and inspection is more dif
ficult to perform outside of a shop environment. 
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The trend in steel segmental construction is to 
design continuous multiple spans that have few ex
pansion joints in the deck. Continuous spans of 
more than 1000 ft are possible with only one joint 
at each end. Thermal movements at piers can be ac
commodated by using laminated neoprene pads for 
relatively short distances and confined neoprene in 
a "pot" bearing with teflon sliding surfaces for 
longer distances. The pot bearing offers an econom
ical and compact way of transmitting medium to large 
loads to the substructure and also can be fixed to 
the piers to resist lateral forces. Thus, joints 
can be located to optimize the performance of the 
structure. 

AESTHETICS 

From an aesthetic point of view, segmental struc
tures should be designed to possess a certain sim
plicity and elegance to fit well into the environ
ment. In his or her quest for economy, the designer 
should not neglect the aesthetic appearance of the 
bridge. Segmental construction lends itself to re
petitive modules placed in uniform configuration. 
This can produce a beauty of its own, such as the 
wing-type segment of the San Francisco Airport. But 
if care and concern for aesthetics are not exer
cised, it can produce a stiff rectangular post-and
lintel appearance. It behooves designers to be 
aware of the aesthetic limitations of segmental con
struction and consider carefully the details as well 
as the overall appearance of the structure. Some of 
the details of design that should be considered for 
their appearance are joints between segments, junc
tion of piers and superstructure, mating of railing 
to deck, junction of superstructure to the abut
ments, and the sitting of the abutments into its 
surroundings. 

The overall appearance should be checked for a 
smooth rising and falling grade line from abutment 
to abutment. A sagging or inch-worn effect may cost 
less but detracts so much from the appearance of the 
finished structure that it should never be used. 
Likewise, in the plan, the bridge should be straight 
or curved in one direction only. A double curve 
S-shape can be used if well proportioned. But a 
bcidge that irregularly deviates from one point to 
another is very displeasing and should be avoided. 
Occasionally, the inside curve of superelevation 
transition will dip, thereby producing the appear
ance of a sag in the bridge that has irregular lay
outs. 

ECONOMICS 

Economics is often the central issue in segmental 
bridge design and construction. To reach an optimum 
solution, design must be tied in with construction. 
Items to be considered in segmental construction are 
source of material, method of fabrication, and lo
cation of the fabrication yard; mode of production; 
transportation; storage areas; and erection sys
tems. Contractors who wish to bid competetively 
must have a design that considers all items. Com
petitive bidding often can be enhanced by preparing 
two comparative designs of different materials, type 
of segments, or, in some cases, structural systems. 

Some segment systems are of such recent develop
ment that there is no measure for long-term perfor
mance. It would be difficult to arrive at a life-
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cycle cost comparison between alternative designs, 
and therefore it is not presented here. With our 
current knowledge of material durability, corrosion 
processes, fatigue and fracture mechanics, and the 
performance of bridge systems already built, it is 
possible to make an engineering projection of how 
these segmental designs will hold up. Of course, we 
are continuing to learn in these areas, and every 
case of distress adds to our knowledge. However, 
the long-term performance promises to be as good as 
or better than previous conventional construction. 
It is somewhat reassuring that economic comparison 
based on competitive bidding is currently our best 
approach. 

Deck sections are usually integrated into the 
fabrication of some types of segments, such as the 
box and wing sections. Precast and prestressed deck 
sections placed on longitudinal systems (such as 
steel and concrete I-girders) have recently been 
used to advantage. Perhaps more attention will be 
devoted in the future to segmental deck construc
tion. New innovations are being devised to lower 
costs of construction for other types of segmental 
construction. 

Good management techniques by the owner are as 
important as good design and are a major factor to 
help achieve total economy. The management function 
involves decisions on the best approach for items 
such as method of bidding, controlling specifica
tions, design alternatives, value engineering, con
struction management, time for construction, fast 
tracking, and other i terns that may affect the bid
dings. 

A design and construction turnkey package, which 
is prevalent in Europe, has not been used to any ex
tent in the United States. It may offer an economic 
advantage to segmental bridge construction. A con
struction management team that monitors and sched
ules construction is now being used for the con
struction of buildings. However, it has not been 
used to any extent on bridges. This could become an 
advantage as inflationary trends demand shorter con
struction time to avoid extra cost, particularly on 
large jobs constructed over a long period of time. 
Also, designs held on the shelf until money becomes 
available will have a greater cost than when first 
proposed. 

CONCLUSION 

It can be observed that segmental construction is 
fairly well developed, but improvements can always 
be made. Recent studies carried out on the stan
dardization of box segmental construction indicate 
that standardization of segmental units can lead to 
economy just as standardization of I-girders has in 
the past. Most important is the recent development 
of steel segmental construction. Because steel is 
lighter and easier to lift, it can fit into much 
longer segments that require fewer joints, which 
opens up interesting possibilities. Further use of 
posttensioning has, in effect, reduced the required 
steel quantity, thereby allowing for an optimum and 
economical structure. Thus, the use of segmental 
construction in both concrete and steel bridges has 
developed in many different directions and will pro
gress to newer developments as the future unfolds. 

Publication of this paper sponsored by Co111111i1tee 011 Comtruction of' 
Bridges and Structures. 
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Full-Span Form Panels for Highway Bridges 
CLIFFORD 0. HAYS, JR., AND JOHN M. L YBAS 

Full-span form-panel bridges are bridges conslructod of prcstrassed, precast 
panols spannina from plor to pier and covered with a composite topping con· 
crete. This paper describes such full ·span bridges. Research consists of field 
investigations, Including corings, analytical modeling, laboratory testing, and 
fiold testing . Results domonsuate tho safety of bridges designed by using the 
American Association of State Highway ond Transportation Officials offective
width formula and describe details thought capable of reducing cracking ob
served in existing full-span form-panel bridges. 

Bridge construction techniques that reduce the 
amount of on-site concrete forming generally reduce 
the cost of the structure. Prefabricated pre
stressed g i rders have been in common use for ap
proximately 30 years. However, during much of that 
time it was general practice to cast the deck in the 
field by us i ng wooden forms between the girders. 
Precast stay-in-place forms of concrete and steel 
replaced the wooden forms in recent years and even
tually led to the development of precast composite 
deck panels, which are prestressed slabs that span 
between bridge girders and support the cast-in-place 
topping, thereby elimi nating most of the field 
formwork. Past research (1 - 5) has led to their 
widespread acceptance and i;;-c;rpor a t i on into Ameri
can Association of State Highway and Transportation 
Officials (AASHTO) specifications (~) • 

For spans of less than 12 m (39.4 ft), however, 
the most economical br i dge would often be a flat 
slab without girders. The high cost of formwork for 
such bridges has led to the development of full-span 
form panels, wh i ch are preca st panels tha t are 
placed side by side, spanning between adjacent piers 
or a butments and pr ov iding stay-in-place forms for a 
cast-in-place topping. The scheme is shown in 
Figures 1 and 2. The Florida Department of Trans
portation (FOOT) has been a pioneer in the use of 
such panels and based design procedures on the 
results of research on deck panels that indicated 
that full composite action could be developed be
tween the panels and assumed that the distribution 
of live load on the composite section could be 
safely given by provisions for flat slabs [_§., Sec
tion l.3.2 (C)]. Unfortunately, very regular crack 
patterns have be en observed in full-span br i dges. 
This cracking and associated questions about the 
design ass umptions pr ovided the impetus for the work 
described in this paper. 

The study of full-span form panels included 
several phases: 

l. A general field investigation, including 
cor i ngs; 

2. Laboratory testing of one-half scale models; 
3. Load testing of an actual bridge in the field; 
4. Calculation of model and bridge response by 

using a linearly elastic tinite - e l e ment model ; 
5. Calculation of model response to o ve r load by 

using a nonlinear discrete-element mode l ; and 
6. Calculation of shrinkage str esses by using a 

finite-element model. 

The most important aspects of the study are dis
cussed in this paper. The details of the research 
are provided in the paper by Hays and others (2). 

ON-SITE OBSERVATIONS 

A total of nine bridges, which were constructed by 
the full-span slab method, were inspected. All but 

one were open 
constructed by 
(cast-in-place 
in-place deck 
spected. 

to traffic. In addition, bridges 
competitive construction techniques 

deck and girders with either cast
or composite deck panels) were in-

Of the bridges constructed with full-span form 
panels, all exhibited essent i ally the same pa tterns 
of cracking. Longi tudinal cracks in the deck were 
observed over almost every longitud i nal panel joint 
and extended for virtually the full length of the 
bridge. The only significant exceptions were a few 
of the longitudinal joints closest to the outside of 
several bridges. These either did not have the 
crack or the crack ran intermittently over such 
joints. These outside joints are, of course, not as 
1 ikely to have traffic loading. However, the one 
bridge visited prior to being opened to traffic 
already had several major longitudinal cracks. Thus, 
it appears that both shrinkage and traffic influence 
longitudinal cracking. 

In addition to the longitudinal cracks, the decks 
of most, but not all, bridges were cracked trans
versely over the piers. However, this cracking was 
often less pronounced than the long i tudinal cracking. 

It should be noted that longitudinal cracking was 
also observed in the decks of bridges constructed by 
other techniques. For bridges that have panels 
spanning girder to girder, negative-moment cracking 
over the girders was observed more often than trans
verse cracking over the panel joints. For other 
competitive construction techniques, deck cracking 
was random and did not exhibit distinctive patterns. 

BRIDGE DECK CORINGS 

Vertical cores 15.2 cm (6 in) in diameter were taken 
from the decks of several bridges. Figure 3 shows a 
core taken over a p i er that was mi dwa y b e t wee n two 
longitudinal joints. The negati ve-moment crack in 
the cast-i n-place topping, which a ppear s approxi
mately vertical on the top of the figure, does not 
extend to the reinforcing bar. The interface be
tween the end of the form panel and the cast-in
place concrete over the p ier is seen as a straight 
vertical line in the figure, which indicates a lack 
of bond on that surface. 

Figure 1. Typical elevation of one span of bridge. 

q_ Pier m· [C:~e of [nd ,'\but11cnl Pl er 

Figure 2. Typical cross section of form-panel bridge. 
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The extensive cracking in the cast-in-place 
concrete on the right portion of the bottom of 
Figure 3 occurs where a prestressing strand extends 
from the precast panel about 5.1 cm (2 in) into the 
core. During drilling, when one side of the drill 
was cutting through the prestressing strand, there 
was no strand on the opposite surface of the core. 
The resulting stresses caused the cracking around 
the end of the strand and may have e><aggerated the 
loss of bond along the end of the panel . 

Figure 4 shows a core taken above a longitud i nal 
joint at quarter span. The longitudinal crack in 
the toppi ng is approximately vertical on the top of 
the figure. A separation between the two form 
panels is seen in the bottom of the figure. A small 
amount of concrete and a rope are seen at the joint 
between the two panels, which indicates that the 
contractor was using rope to fill a small void 

Figure 3. Core taken at center of panel 
over p ier. 

Figure 4 . Core taken at quarte r 
span over longitudinal joint. 
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between the panels. Both pieces of the panels were 
separated from the cast- in-pl.ace topping during the 
coring operation. The pieces were reassembled for 
this figure. However, the interfaces between the 
form panels and the cast-in-place topping exhibited 
a c lean break th a t was obviously new and slightly 
irregular in texture, which indicates reasonable 
bond. 

A number of other cor ings were obtained in the 
research, which generally indicated similar patterns 
of cracking. However, the results are only qualita
tive due to the high stresses created in drilling 
the cores. 

LABORATORY TESTING 

A series of three, one-half scale, two-span contin
uous bridge deck models were tested in the struc
tural laboratory at the University of Florida. The 
structures were loaded to failure by concentrated 
loads that simula t ed wheel l oads . The des ign load 
for the s l abs was one- half the AASHTO design wheel 
load of 71 kN (16 k i ps) a nd had an ' mpact factor of 
l. 3. 

Test Struc t ur es 

The configuration of the laboratory tests is shown 
in Figure 5, and additional information is given in 
Table 1. The span and thickness of the laboratory 
models were scaled to one-half the corresponding 
values for a prototype bridge , while the width of 
the mode l was considered to be fully effective in 
resist i ng the wheel load. Of course, torsional 
stresses are much more severe in the model than in a 
much wider actual bridge deck. Thus, conditions 
with regard to shear transfer between a loaded and 
an unloaded panel are more severe in the model than 
in an actual bridge deck. 

The minimum cast-in- place cover allowed by FOOT 
is 11.4 cm (4.5 in). Thus, the model had a cover of 

Figure 5 . Laboratory test specimen s. 
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Table 1. Form slab laboratory specimens. 

No. of Strands in Longitudinal Reinforcement< 
Specimen Test Sectiona Span3 t 1

8 (cm) t," (cm) t/ (cm) Two Panelsb (number of No. 4 bars) 

I Standard A, B 10 .2 5.7 8 15 
2 2 Standard B 13.3 S.7 6 12 

Alternate A 8.9 4.5 5 .7 6 12 

3 3,4 Standard B 19. 1 5.7 4 8 
Alternate A 8.9 10.2 5.7 4 8 

Note: I c m = O.J94 in. 

~See 1·1sure S for J.c.sc rlp llon ofiec llo n l)'IJ" 1md llipan 11 nd deffoltlons of t1, t 2 , nnd 13. 
AH we ru 1. l·cm (0,'1 J1S·Jd) ('- I 72 S ·~H'u ( 2SO·k:!I) 7-wi_rl! strands .. 

c AH mi ld steel reinfo rc"mc1U was grnd~ 60 wi1h n rnD:i$u rt:d avc r-11~e yield stress or 935 MPa (63 ksi). 

5.7 cm (2.25 in). Spans in the prototypes are 
probably most economical in the range of 6-12 m 
(19.7-39.4 ft). Thus, a laboratory span of 4.6 m 
(15 ft) was selected. 

When the thickness of the slabs is decreased by a 
factor of one-half, the resulting shear strength is 
reduced by approximately 50 percent. Thus, the 
design wheel load for the model was considered to be 
one-half of that for the prototype. With the load 
and span each decreased by a factor of one-half, the 
moments acting at a section of the model are reduced 
to one-quarter of those for the prototype. It is 
desirable that the ratio of flexural strength to 
applied moment for the model be similar to that for 
the prototype. With the effective depth for the 
model approximately one-half that of the prototype, 
the reinforcement areas for the model should be 
about one-half that of the prototype; they should 
have the same reinforcement ratios. 

In the design of the test structures, analyses 
were performed for load cases normally considered in 
the design of the prototype structure. Calculation 
of stresses under service load were based on elastic 
theory and were found by adding direct compressive 
stress due to prestressing, flexural stress due to 
prestressing, and flexural stress due to applied 
loads. The precast section was checked for stresses 
at the time of transfer of the prestress force to 
the concrete and during construction of the com
posite section. The composite section was checked 
for stresses at service traffic loads, which con
sider 1 ive load plus impact. Finally, it was en
sured that the flexural strength of the composite 
section exceeded the moments resulting from the 
design loads modified by appropriate load factors, 
as given in Sections 1.2.22, 1.6.9, and 1.6.10 of 
the AASHTO specifications (£). 

The thickness at the edges of the precast slabs 
was reduced in alternate sections, as indicated in 
Figure 5 and Table 1, thereby forming an inverted 
T-shaped slab. Stirrups were placed in the "pocket" 
that formed between two adjacent slabs (alternate 
section in Figure 5). It was hoped that this pocket 
and the stirrups would increase the effective depth 
of the section across the longitudinal joint and 
help the bridge act more monolithically. The stir
rups were selected to be equal in area to the trans
verse steel used in the cast-in-place topping. The 
pocket was dimensioned such that the stirrups would 
be fully anchored on both sides of the joint. 

The transverse reinforcement for the precast 
panels was the same as that used in the present FOOT 
specifications and is the minimum requirement for 
deck panels [~, Section 1.6. 26 (C)) • 

The transverse reinforcement for the cast-in
place topping is meant to transfer shear across the 
longitudinal joint between the precast slabs. Based 
on the shear-friction concept (§_), the shear force 

is a linear function of the area of steel. Thus, 
the model that had a load of one-half the load of 
the prototype had one-half the area of steel used in 
the prototype. 

The major variables in the laboratory tests were 
the amounts of longitudinal reinforcement in the 
cast-in-place topping and precast panels, as given 
in Table 1. 

The strengths of the steel reinforcing are given 
in Table l. The panels ,had a design fc' of 34.5 
MPa (5 ksi). However, at the time of testing the 
specimens, they exhibited an average strength of 41 
MPa (6.0 ksi). The cast-in-place topping had a 
design fc' of 23.4 MPa (3.4 ksi) and a measured 
strength of 29 MPa (4.2 ksi). 

The precast panels were supplied by a commercial 
prestressing company. The surface of the slabs was 
given a broom finish, which appeared quite adequate 
for bond. Wide flange sections were used as sup
ports for the precast panels (Figure 5); a layer of 
0.6-cm (0.25-in) fiberboard was used above and below 
the supports as a leveling course. The topping was 
then cast over the present panels and covered with 
plastic sheets for approximately 48 h after place
ment. Then the cover and forms were removed and the 
specimen exposed to the laboratory environment. 

For specimens 1 and 2, the topping was cast to 
form a monolithic unit. However, for specimen 3, a 
cold joint in the topping was constructed over the 
longitudinal joint where the precast slabs meet, 
thus providing a potential cracking plane. 

Loading and Instrumentation 

The test structures were loaded vertically by one 
hydraulic jack in each span (see Figures 5 and 6). 
The distribution of the load was accomplished 
through 20.3x30.5-cm (8xl2-in) bearing plates with 
rounded corners, which provided an average pressure 
of 570 kPa (83 psi) under the 35.6-kN (8-kip) design 
wheel load. 

Vertical deflections were measured at the posi
tions shown in Figure 6 by using linear variable 
differential transformers (LVDTs) and mechanical 
dial gages. Note that the dial gages were used to 
measure the settlement of the fiberboard layer in 
the supports. The correction of the LVDT readings 
for these base deflections is illustrated in Figure 
7. Note that the LVDT readings were with respect to 
the very slightly cambered position of the specimens 
prior to the application of the test load. The 
distance b', which is the part of the deflection due 
to the translation and rotation of the chord, was 
subtracted for the total deflection b to obtain the 
relative (or chord) deflection. 

Behavior of Test Structures 

Tests 1-3 corresponded to test structures 1-3. The 
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Figure 6. Location of gaQ'Js 
for laboratory tests. 
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Figure 7. Corrections for chord deflections. 
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loads in the two spans were constrained to be ap
proximately equal. However, one span failed first 
in all cases. Test 4 was a retest of the unfailed 
span of structure 3. For each test, Figure B shows 
the variation of load with deflection for the span 
that eventually fa iled. '.!'he MSH'l'O design load Pa 
and the uJ. timate fle xural s treng t h l'ud of the 
span, as ob ta ined f rom Sections 1.6 .9 and 1.6 . 10 of 
the AASHTO specifications (~), are indicated in the 
plots. 
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For the first two load increments, which were 
near the design load, the specimen responded lin
early with either no observed cracking or some very 
minor hairline c.racking over the supports that are 
associated with negative moment. At between 1.5 and 
2 times the design load, positive-moment cracks 
opened in the bottom of the loaded (north) panel and 
in some cases the unloaded (south) panel. In all 
cases, positive-moment cracks extended across both 
the loaded and unloaded panels prior to failure. 
Before positive-moment cracking was observed, nega
tive-moment cracks were very extensive and extended 
over the full width of the specimen. 

After being extensively cracked, the specimens 
still increased in load capacity and exhibited good 
ductility until an inclined crack was observed 
between the load and the interior support on the 
edge of the loaded panel. Then, after exceeding the 
calculated structure strength, a final punching 
shear failure occurred. Except for the third test, 
which had a cold joint above the longitudinal joint 
between the form panels, no longitudinal cracking 
was observed except in conjunction with the final 
failure. 

In contrast to the other test structures, struc
ture 3 (test 3) had a cold joint in the topping 
concrete over the longitudinal joint between the 
precast form panels. For this structure, a longitu
dinal er ack developed in the cold joint. The er ack 
first appeared near the loading plate at a load of 
about twice the design loading. At failure, the 
longitudinal crack ran essentially the full length 
of span B but did not extend into span A (span A had 
the alternate cross section shown in Figure 5). 
Final punching failure occurred at a load about 5 
percent less than that for test 2 but well above the 
predicted ultimate strength. 

The punching failure for test 3 is shown in 
Figure 9. The failure mechanism for other test 
structures was quite similar. In Figure 9, the 
diagonal crack on the edge of the slab is inclined 
from the horizontal about 45°, as in 
shear failure. However, where the 
longitudinal in the neighborhood of 

a typical beam 
crack becomes 
the load, the 

surface of the crack forms a very shallow angle with 
the top surface of the slab and, even where it 
intersects the longitudinal cold joint in the top
ping, it does not generally extend below the topping 
concrete. The failure mechanism appears to be a 
combination of beam and punching shear and is per
haps aggravated by the loss of shear transfer across 
the longitudinal cold joint in the topping that is 
associated with the intersection of the punching 
crack with that joint. 

The good bond between the cast-in-place topping 
and the form slabs is obvious in that no separation 
is visible at the 45° shear crack on the side of the 
slab. 

The punching failure was quite sudden and would 
be cause for concern if not for several reasons. 
First, failure in all tests occurred after the 
predicted structure strength had been exceeded 
considerably and good ductibility was exhibited. 
Second, torsional response (which greatly increases 
the shear stresses around the longitudinal joint) is 
much more severe in the laboratory model than in 
prototype bridges. 

FIELD TESTING 

The prototype on which the field-testing phase of 
this project was performed was the Lloyd Creek 
Bridge, an eight-span bridge where all the spans are 
approximately 7 m (23 ft) in length. The precast 
panels are a constant 17 .B cm (7 in) thick and have 
a 14-cm (5.5-in) layer of concrete used as the 
topping. 
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Figure 9. Shear crack in laboratory specimen. 

Figure 10. Hydraulic loading for field test. 

Note: 1 cm= 0.394 in. 

Figure 11. Location of gages for field tests. 
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Hydraulic Loading 

In the first eight tests, load was applied by jack
ing against the underside of an FOOT tank trailer, 
as shown in Figure 10. The distance between the 
wheels of the tractor and trailer was such that two 
sets of the wheels rested almost completely on the 
supports. All other wheels were either off the 
bridge or raised above the slab. With the truck in 
this position, the load in the piers was virtually 
constant as the load in the jack varied; thus, 
support settlement was not a problem. The position 
of loading relative to the cross section of the 
bridge is shown in Figure 11. The bridge has 12 
panels across a section; panels 1, 5, 6, and 7 are 
shown in Figure 11. The load was applied to panel 
6, which is 3.35 m (11 ft} from the end abutment 
(Figure 10), at one of three positions in the cross 
section (the panel centerline) and at 30.5 cm (12 
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in} from either edge of the panel. These positions 
will be denoted central load, inner joint load, and 
outer joint load, as noted in Figure 11. 

The loads were applied in increments of 35 .6 kN 
(8 kips} to a maximum load of 142.4 kN (32 kips), 
roughly 1. 5 times the design wheel load, including 
impact, Distribution of load was obtained by using 
one of two different bearing plates. The primary 
one was a 30.5-cm (12-in} diameter plate provided by 
FDOT. This gave a pressure under the 142.4-kN load 
of 1950 kPa (283 psi), which was thought to be 
high. To better simulate a wheel load, several 
tests were also run with a larger bearing plate. 
This wheel plate had an elongated central portion 
and semicircular ends, which followed recommenda
tions by Yoder (9). This plate produced a pressure 
of 1000 kPa (145 psi) under the 142.4-kN load. 
Results from using the two different plates were 
very similar. 

Deflection Measurements 

By using mechanical dial gages, deflections relative 
to the ground were measured at the cross section of 
the application of load and at the positions in the 
section shown in Figure 11. The positions were 
either at a panel centerline or 3.8 cm (1.5 in} from 
a panel edge. 

Test Procedure 

At the start of each test, the truck was positioned 
as shown in Figure 10. Deflections were recorded 
with no load in the hydraulic jack and then after 
the application of each load increment, The load 
was then returned to zero and a final set of deflec
tion readings were taken. In general, the initial 
and final deflection readings were not equal. 
Because the structure was known to behave elas
tically under the magnitude of loading applied, the 
difference was attributed to temperature varia
tions. The deflections for each load increment were 
adjusted to account for this difference. 

Tank-Trailer Loading 

In addition to the load test under incremented 
hydraulic loading, the deflections of the bridge 
were also measured under the load of the truck 
itself. The truck was positioned with the rear axle 
of the trailer directly above the line of dial gages 
in the end span and the other axles off the bridge. 
The axle load applied to the span was 115. 7 kN ( 26 
kips). 

Calculation of Deflections 

The internal moments and deflections for the bridge 
were computed by using a finite-element model (.!_Q). 
The element used was a plate-bending rectangle with 
three degrees of freedom, vertical deflection, and 
two rotations at each node, The material was as
sumed to behave linearly elastically; the thickness 
of the elements was chosen such that the flexural 
section stiffness per unit length for the model and 
for the prototype was equal. In computing the 
stiffness of the prototype's composite section, the 
elastic moduli for the various concretes were as
sumed to be given by ACI 318-77 (_!!). Computations 
were performed by using one span that was seven form 
panels across. The assumption was that, in the 
actual bridge, form panels far from load would not 
contribute to the structure response. The continu
ity of the bridge deck over interior supports was 
modeled by using vertical and rotational springs. 
Details on the finite-element model are given in 
Hays and others !2> • 
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Discussion of Measured and Computed Deflections 

The variation of measured vertical displacement 
across a section of the bridge is shown in Figure 12 
for three of the eight hydraulic loading tests for a 
load of 142.4 kN (32 kips). Computed displacements 
are shown on the same set of axes. Figure 12 repre
sents results that were typical for the study; the 
balance of the results are presented in Hays and 
others C?.l. 

The results shown in Figure 12 are for the three 
load tests with an outer joint load and a circular 
bearing plate. Of the two finite-element models 
considered, Bl was considered a reduced panel thick
ness for a distance h at the longitudinal joints, as 
shown in Figure 12, while B2 was considered a uni
form thickness. 

The measured deflections indicate various amounts 
of shearing deformations at the longitudinal joints. 
Considering all eight field tests, test 5 (included 
in Figure 12) produced the largest differential 
deflection across the longitudinal joint. This, 
however, was only 0.013 cm (0.005 in)--approx
imately 6 percent of the deflection at that point. 
Deflections measured due to the actual axle load 
indicated even less differential deflection at the 
longitudinal joints than those due to the loading 
through the single bearing plate. 

Comparison of the computed and measured results 
in Figure 12 indicates that the model with a uniform 
deck thickness (Bl) better simulates the overall 
magnitude of bridge deck deflection. However, the 
model with reduced thickness at the longitudinal 
joints (B2) is much better at simulating the shape 
of the variation of deflection across the section. 

The fact that model B2 overpredicted the magni
tudes of deflections indicated that it had a lower 
stiffness than the actual bridge. This may be 
attributed primarily to two factors. First, the 
elastic modulus of concrete for the model was com
puted by using the nominal or design value of fc'. 
The actual value of E is probably larger than the 
value so computed. Second, the model considered 
only the loaded panel and three panels on either 
side, thereby neglecting a total of five outer 
panels of the bridge. Thus, using the reduced
thickness model along with a more accurate modulus 
of elasticity would be expected to give quite good 
deflection profiles. 

Computed Moment Distributions 

Longitudinal bending moments in the bridge deck were 
computed by using the finite-element model. Figure 
13 shows the distribution of these moments over the 
cross section of the span where the loads were 
applied in the field tests, i.e., the same section 
considered for deflections in Figure 12. Results 
are shown [for a load of 142.4 kN (32 kips)] for two 
previously defined load positions and two variations 
of the model. 

As shown in Figure 13, the model that considers 
reduced deck thickness at the longitudinal joints 
produced discontinuities in moment at the abrupt 
changes in deck thickness, the moments in the re
duced-thickness region being approximately 2 percent 
of the adjacent moments. Furthermore, the maximum 
moments for the longitudinal joint model were 26-33 
percent greater than those for the uniform-thickness 
model. The moments at edges of the finite-element 
model were less than 30 percent of those in the 
loaded panel, which indicated that the finite-ele
ment model (7 panels in width) was a reasonable 
representation of the actual br idqe, which was 12 
panels in width. 

Finally, the computed longitudinal moments have 
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implications for the AASHTO effective-width formula. 
Consider two wheel loads 6-ft center to center at a 
particular cross section of the span, as would be 
the case for the two tires on one axle of a trailer. 
Referring to Figure 14, if the outer joint load is 
one of the two wheel loads, the other load will be 
centered at point A. The maximum moment in the 
section will occur near the outer joint load and 
will be the sum of the moments caused by each of the 
two loads. By Maxwell's law, the moment at the 
outer joint load due to the load at A is equal to 
the moment at A due to the outer joint load, which 

Figure 12. Deflections across transverse section. 
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(from Figure 14) is approximately 26 kN-cnv'cm (5 .8 
kip-in/in). The maximum moment due to the outer 
joint load is approximately 62 kN-cnv'cm (13.9 kip
in/in). The sum is 88 kN-cnv'cm (19.8 kip-in/in). 
Considering the AASHTO effective-width formula, 
along with a linearly elastic beam analysis for a 
single 142. 4-kN (32-kip) load positioned along the 
span as for the finite-element analysis, the result
ing maximum longitudinal moment at the cross section 
of the load is 125.9 kN-cnv'cm (28.3 kip-in/in), 
Hence, the finite-element model implies that the 
AASHTO effective-width formula is conservative. A 
similar comparison for negative moments at a support 
(2) indicates even more conservatism in the AASHTO 
formula. 

CONCLUSIONS AND DESIGN RECOMMENDATIONS 

The following conclusions and practical recommenda
tions were derived from the study described in this 
paper. 

1. With reasonable surface treatment of the 
precast panels, loss of bond between the panels and 
the cast-in-place topping should not be a problem. A 
broom finish of the panels, along with wetting prior 
to placing the topping concrete, should result in 
excellent bond. A minimal amount of shear rein
forcement would provide added assurance. 

2. Shrinkage stresses induced in the topping 
concrete during curing are likely to be large enough 
to cause cracking, especially longitudinal cracking 
over the longitudinal joints between form panels (7). 

3. It appears that the AASHTO effective-width 
formula is adequate for determining the design 
longitudinal moments due to live load. However, 
because there is some increase in peak elastic 
moment compared with a poured-in-place solid slab, 
it is recommended that a minimum panel width of 122 
cm (48 in) be established. Panels with smaller 
widths that are designed by the effective-width 
formula would have adequate ultimate strength. 
However, such panels might be highly stressed under 
moderate overload. 

4. It appears that the minimum transverse rein
forcement in the topping of No. 4 bars at 30-cm 
(12-in) center-to-center, along with the minimum 
topping thickness of 11.4 cm (4.5 in), will provide 
adequate shear transfer over the longitudinal joint 
between adjacent panels. However, the joint detail 
shown in Figure 14 should provide improved perfor
mance in regard to longitudinal cracking and load 
transfer. The figure depicts the cross section of 
one form panel and part of the adjacent panel. The 
thickness of each form panel is reduced adjacent to 
the joint, thereby providing a larger thickness of 
cast-in-place topping over the longitudinal joint. 
Stirrups should then be placed in the topping over 
the joint to further improve load transfer. A 
reduced thickness of approximately 10 cm (4 in) 
should be sufficient to resist stresses in the 
precast panel yet provide improved joint behavior. 
The 30-cm width of the reduced-thickness portion is 
sufficient for anchorage of No. 4 stirrups at 30-cm 
center-to-center and allows tolerance on placing the 
stirrups in the pocket. The center portion of the 
panel could be either ribbed, as shown by dashed 
1 in es, or flat. 

5. The present detail at the piers and end abut
ments is similar to that in Figure 5, except that 
the flexible bearing pads extend only under the 
precast panels. An improved detail that has more 
positive transfer of shear from panels to supports 
is needed to reduce deformation and cracking in the 
region of the support and to increase the overall 
stiffness of the bridge. This could be accomplished 
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by placing horizontal shear keys in the ends of the 
precast panels or by providing for some direct 
bearing of the panels on cast-in-place concrete over 
the supports. 

6. Reinforcement for positive transverse moment 
over the piers should be provided in accordance with 
Obranic (10). However, it is possible that with the 
increased shear transfer on the ends of the panel, 
some minor positive-moment cracking over the piers 
would not be too detrimental. 

In summary, the full-span form-panel bridges 
visited during field investigations are quite safe 
and, based on the findings of this research, are in 
no danger of failure. However, one or two of the 
more highly traveled bridges might experience some 
maintenance problems in the future due to the crack
ing in the deck. Future bridges built with the 
recommended details should be equivalent to conven
tional, more expensive cast-in-place flat slabs not 
only in strength, but also in serviceability. 
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Precast Concrete Deck Modules for Bridge Deck 

Reconstruction 

CHARLES SLAVIS 

Replacement of deteriorated and obsolete bridge decks is requiring increased 
attention from design and construction engineers. The need to shorten the 
time the bridge is closed to traffic has led to the use of precast concrete deck 
systems. Their value is demonstrated on bridges that must carry traffic for 
some portion of every 24-h period. Precast deck modules have been used on 
such diverse projects as expressway bridges in Pennsylvania and California and 
railroad bridges in British Columbia and Delaware. The Santa Fe Railroad has 
begun a multiyear program to replace timber decks with precast concrete on 
its 32 miles of bridges that have timber-deck and steel-girder designs. The pre· 
cast deck modules used on these projects were produced at the site or produced 
at multipurpose plants and shipped to the bridge site. Placement was made 
with combinations of welded, epoxy, and cement-grouted connections. This 
paper reports on the state of the art of precast concrete deck replacements, 
their application in reconstruction, and their influence on deck design in new 
construction. 

The deterioration of bridge decks, which is acceler
a tea by the extensive use of salt for snow and ice 
control, has required the bridge engineer to address 
the question of repair versus replacement. Both op
tions must consider the maintenance of traffic dur
ing construction and how this consideration affects 
cost. Where extensive repair is necessary and traf
fic maintenance is difficult as well as er itical, 
the replacement option of using precast deck modules 
may prove very practical. This has been the case 
where a section of deck has been removed, a replace
ment section added, and traffic allowed to use the 
bridge during some portion of every 24-h period. In 
the case of highway bridges, the time allotment is 
controlled by peak traffic demand. In the case of 
rail road bridges, the time allotment is controlled 
by systemwide demand and scheduling. 

Precast deck modules have also been used on long 
bridges to ensure that deck replacement was com
pleted during a single construction season. This 
has even proved to be the most economical deck
construction method for some new bridges. The high
way departments of Indiana and New York and the New 
York Thruway Authority were among the first agencies 
to use precast modules in field experiments with new 
bridges or deck replacement. 

Precast deck modules share some common considera
tions, regardless ~f their application. The most 
important of these are design considerations: where 
the modules will be cast, how they will be trans
ported, and what construction procedures will be 
used. These factors, along with structural require
ments and any restrictions on time availability 
(either per 24-h period or per construction season), 

must be considered by the design engineer. A close 
look at several individual projects illustrates how 
these factors vary from project to project. 

PENNSYLVANIA TURNPIKE 

The Pennsylvania Turnpike had a 1627-ft-long bridge 
on its northeast extension in need of deck replace
ment. The distance between the bridge and the 
ground below reached a maximum of 140 ft (Figure 
l). The existing bridge consisted of a concrete 
deck on steel girders. The design engineers con
cluded that precast deck modules were the best al
ternative . The modules allowed minimum personnel at 
the bridge site, where there was danger of construc
tion at 140 ft aboveground. They also provided 
rapid erection to ensure completion of each parallel 

half of the bridge in a sinqle construction season. 
The modules were cast off site in a plant where 

production conditions allowed the use of a lower 
water-cement ratio concrete mix, more precise vibra
tion, and a more controlled curing operation. The 
7-ft 6. 25-in by 28-ft 8-in by 6. 7 5- in slabs, each 
weighing 18 000 lb, were trucked to the site as 
needed (Figure 2) and lifted directly into place 
(Figure 3). No on-site storage was necessary. 

Because traffic was being maintained on one-half 
of the bridge for the length of the construction 
season, the r e moval of the old deck could proceed 
well in advance of the redecking operation. This 
made the task of preparing the girders to receive 
the precast modules much less complicated. The con
tractor placed slabs at the rate of 6 modules/day 
and completed slab placement in less than two months 
(Figure 4). Connection of the module was made by 
using epoxy mortar spread over the top flange of the 

Figure 1. Pennsylvania Turnpike bridge. 

Figure 2. Precast modules are trucked to placement site on operating half of 
bridge. 
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Figure 3. Modules are lifted from truck and placed directly on prepared girders. 

Figure 4. Placed modules were finished with cast·in·place parapet and latex· 
modified concrete wearing surface. 

girder and supplemented by bolted spring clips lo
cated near the edge of each module. The final wear
ing surface on the bridge consisted of 1.25-in 
latex-modified concrete. 

RAILROAD BRIDGES 

The Santa Fe Railroad has undertaken a program of 
bridge deck replacement that has a different set of 
criteria but results in an operation very similar to 
the Pennsylvania Turnpike bridge. The deck to be 
replaced on the Santa Fe was not a single deck but a 
deck type that consisted of timber decking on steel
g irder bridges. There is a total of 32 miles of 
this type of deck spread out over the more than 
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12 000 miles of the system. The basic deck module 
selected was 8 ft by 14 ft by 8 in and weighed about 
6 tons. It was designed for a Cooper's EBO loading 
and was cast at a commercial prestressing plant in 
Albuquerque, New Mexico. The location of the plant 
on the Santa Fe line allowed transportation through
out the system, while maintaining the quality con
trol that results from a plant-cast operation. 

The Santa Fe redecking has some variations, de
pending on whether the deck to be replaced can be 
taken out of service for only several hours at a 
time (as in single-track territory) or for several 
days (as in double-track territory). The field 
operation is basically the same, but only a short 
section of the bridge is done at a time in single
track territory. The required steps consist of re
moving the rail, ballast, and timber deck; preparing 
the girders; placing the precast deck modules; and 
replacing the track (Figures 5-7). The use of an 
epoxy mortar spread on the girder was the only con
nection provided between the mod~les and the girder. 

Although the total deck-replacement operation is 
easily defined with a single-track bridge, thorough 
planning must be combined with knowledgeable and 
efficient construction to ensure that the track is 
available for service within the 4- to 6-h time 
allotment. 

The Santa Fe is not the only railroad to make use 
of precast concrete in replacing bridge decks. Ca-

Figure 5. After cleaning, girders were coated with epoxy grout to bond modules 
to girders. 

Figure 6. Precast modules are cleaned prior to placement to ensure that epoxy 
grout will bond. 
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nadian Pacific replaced the deck o n a 402-ft-long 
bridge near Re velstoke, British Columbia, whil e 
interr upting traffic for two separate, preassigned 
12-h periods. The National Ra ilroad Passenger Cor
po ration (Amtrak) also used eight precast deck mod
ules, complete with monol i thic ballast curbs, t o 
r eplace a deteriorated concrete deck on a single
track bridge near Newark, De laware. 

Figure 7. Final operation is addition of wood curbs and replacement of ties, 
ballast, and track. 

Figure 8. Casting bed was set up adjacent to bridge site. 

Figure 9. Existing deck is removed as part of each day's operation. 
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HIGH STREET OVERHEAD 

The phasing of deck replacement within a prescribed 
time slot out of each 24-h period is not limited to 
the railroad industry. Repair work on modern urban 
freeways often takes place with all lanes operating 
at full capacity during peak hours. An excellent 
example of bridge deck replacement under such condi
tions was the High Street Overhead, which is a 
1750-ft structure on CA-17 within the City of 
Oakland. 

The High Street Overhead is a 32-span structure 
and has individual spans that range in length from 
30 to 75 ft. The California Department of Transpor
tation undertook a detailed study that resulted in 
the deck replacement of the outside southbound 
lane. Critical factors in the decision to use pre
cast deck modules included average daily traffic in 
excess of 170 000 vehicles, heavy congestion during 
peak evening commute hours, and the lack of a prac
tical means to provide a detour to accommodate the 
lost capacity resulting from the required lane 
closures. 

The actual contract for the High Street bridge 
deck replacement required the contractor to have the 
outside southbound lane available for peak-hour 
traffic between 2:00 and 6 : 00 p.m. each weekday. 
There were also lane-closure restrictions on some 
weekends. The resulting schedule gave the con
tractor 20 h each weekday plus some weekends. 

In addition to the severe time restrictions, 
there were several elements that distinguished the 
High Street deck replacement from other construction 
jobs. The contractor selected to set up a casting 
operation on the site, which was adjacent to the 
bridge (Figure 8). This eliminated any size re
strictions on the modules necessitated by the need 
to transport them from a plant. The finished size 
o f the modules was then dictated by the requirements 
of the structure and also by the ability and lifting 
capacity of the contractor's crew and equipment 
(Figures 9 and 10). Connection was provided with 
shear connectors welded to the girders and grouted 
into holes in the modules. Another element that 
required special attention was the deck surface. 
Unlike railroad bridges, which are covered with bal
last, or total bridge projects, which conclude with 
paving the entire deck, the 20-h limitation required 
that tolerances on the deck modules ensure a fin
ished surface capable of handling traffic at the 
commencement of each day's peak traffic period (Fig
ure 11). The success of the High Street deck re-

Figure 10. Precast deck modules, complete with safety shape parapet, are lifted 
into place. 

-. 
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Figure 11 . New deck is reopened to traffic during weekday peak period. 

placement shows how advanced planning, engineering, 
project management, and quality control combine to 
result in a thoroughly successful project. 

BENEFITS 

Before discussing current research and anticipated 
future uses, a review of the established benefits of 
precast deck modules is in order. The most recog
nized benefit is erection time, which is more lim
ited by economics than by any physical constraint of 
current technology. On-site casting and heavy lift 
equipment make projects even more impressive than 
High Street feasible when time restraints provide 
the necessary economic justification. If the engi
neer recognizes the prospective contractor's capa
bilities and designs the bridge accordingly, more 
economical designs will result. Further savings may 
be obtained if provision is made to allow con
tractor-proposed changes. This can be accomplished 
by including a value-engineering clause in the con
tract documents. The ability to cast modules to 
tolerances that can be used without need of further 
surfacing is another benefit that is available if 
economically justified. The benefits associated 
with quality control of precasting should also be 
considered. 

FURTHER RESEARCH 

The total number of bridges that have been redecked 
by using precast concrete deck modules is relatively 
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small. The advantages of precast modules will not 
be fully realized until bridge engineers' concerns 
about the fatigue behavior and durability of the 
connections are answered. To this end, the Federal 
Highway Administration (FHWA) has sponsored research 
on connections, which supplements research and ex
periments associated with some early precast deck 
and modular deck installations. Although it is too 
early to report on the FHWA study, some of the ear
lier experimental decks were installed in 1973 and 
1974, and the various deck-to-girder connectors are 
still performing as designed. Some problems have 
occurred in preventing moisture leakage between 
adjacent slabs where dry joints were used in early 
installations, but the use of a sand and cement 
grout or epoxy mortar in the joints seems to prevent 
this problem. The long-term durability of grout or 
mortar must still be determined. 

The use of precast modules has been limited to 
steel-girder bridges in redecking applications, as 
bridges with prestressed concrete girders have not 
existed in large numbers until recent years. In 
anticipation of increased use of precast modules for 
deck replacement on this bridge design, the FHWA 
study includes connectors for modules to concrete 
girders. 

CONCLUSION 

The development of precast modules for deck replace
ment has both influenced and been influenced by the 
development of precast deck components for use in 
new construction. The use of prestressed concrete 
stay-in-place forms showed the advantages of both 
speed and safety in using precast components in 
bridge deck construction. The outcome of this is 
the development of the precast segmental box-girder 
bridge that has an integral wearing surface included 
in the precast segments. This cross-influence of 
precast bridge components can also be seen in the 
Florida Department of Transportation's current ex
periments with deck modules for short-span bridges. 
The Florida modules are full-span panels that are 
connected laterally to form a bridge deck. They are 
used without girders and, in effect, are a precast
slab-type bridge. These experimental modules have 
included integral decks or have had the deck cast in 
place once the modules are erected. 

Precast, prestressed concrete is and will con
tinue to be useful to the bridge engineer in design
ing for both new construction and reconstruction. 

Publication of this paper sponsored by Committee on Consl!uction of Bridges 
and Structures. 
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Eleven-Year Performance of Two Precast, Prestressed 

Concrete Bridge Decks 

CHARLES F. SCHOLER 

The widespread deterioration of bridge decks was recognized as a severe prob
lem on Indiana highways in the 1960s. The concept that high-quality concrete 
would reduce the problem but is difficult to obtain in field-placement situations 
led to the development and evaluation of precast concrete bridge decks. Two 
decks that were precast and pretensioned were trucked to the construction sites. 
There they were erected, posttensioned, and connected to the supporting ele
ments. One deck was a replacement on an existing structure. The other was on 
a new structure. Traffic ran on the surface of the concrete. No overlays were, 
or have been, placed on either structure. A careful survey of each structure 
after 11 years of service indicates that appearance and performance are little 
changed over this period of time. No spelling, cracking, or rust staining is ap
parent from the prestressing steel. Low maintenance, fast assembly or disassem
bly, and a good ride make the method worthy of consideration for many bridge 
deck applications. 

This paper is a performance report on two precast, 
prestressed concrete bridge decks that have been 
carrying traffic for 11 years. The concrete sur
faces are exposed to traffic and are giving good 
performance. One deck was a replacement for an old 
deck on an existing bridge and the other was placed 
on a new structure. 

A completed deck consisted of precast concrete 
pieces. Each had a minimum thickness of 6 in, was 
as long as the transverse dimension of the bridge, 
and was at least 4 ft wide. The pretensioned slabs 
were placed transversely to the bridge girders and 
clamped to the top flanges of the girders by means 
of spring clips and bolts screwed into preset an
chors in the concrete. A pretensioning stress was 
applied in the longitudinal direction of the slabs 
at a level intended to maintain compression stress 
in the concrete under full design load-bending 
stresses. The concrete slabs were posttensioned in 
the longitudinal direction of the bridge by using 
rubber-encased cables strung through preformed slab 
ducts. A thin neoprene sheet placed between the 
slabs minimized the stress concentrations due to 
surface irregularities. The neoprene sheet and the 
nominal posttensioning stress of approximately 80 
psi were sometimes helpful in preventing water move
ment through the joints. 

The concept of precast bridge decks was brought 
about because of the severe deterioration of con
crete decks on many bridges in the State of Indi
ana. This was evident by the mid-1960s. 

A major impetus for this work was the belief that 
the durability of bridge decks is greatly enhanced 
by high-quality concrete (i.e., concrete that has a 
low water-cement ratio), is well air entrained, well 
consolidated, well cured, and with steel accurately 
positioned. These requirements are frequently dif
ficult to obtain under field-construction condi
tions; hence, precasting the deck would increase the 
probability of a high-quality product. The satis
factory performance of these two decks, which were 
exposed to traffic and routine winter maintenance, 
indicates that this belief is correct. The initial 
investigation toward the use of these decks com
menced in 1967 as a Highway Planning and Research 
Program (HPR) study with a laboratory study of its 
feasibility 11). 

In 1969, the HPR study was extended to include 
construction of an experimental bridge deck in the 
field and to test, observe, and evaluate its per
formance over the next few years. It evolved that 

two decks were included in the investigation. The 
first was a replacement deck for an existing bridge 
on IN-37 near Bloomington, Indiana, and the other 
was a deck for a new bridge on IN-140 near Knights
town, Indiana. Both were installed during the sum
mer of 1970. Both were periodically monitored 
through the use of strain gages until 1973. 

Details of the installation and performance, as 
measured by the strain gages installed on the decks 
and supporting elements, were reported by Kropp in 
1973 (±_) • 

Casting of the concrete decks was done in beds 
designed for box girders; thus, the widths were lim
ited. The joints were a modified tongue and groove 
and were formed by casting against sheet-metal 

Figure 1. Old deck is broken up and dropped onto underlying creek bed. 

Figure 2. Existing beam and stringers were adjusted in elevation to 
accommodate flat-cast deck segment . 
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forms. The resulting irregularities resulted in 
imperfect fits; hence, water would later leak 
through some joint locations and, in extreme cases, 
spalling due to high stress concentrations occurred 
during posttensioning. Although it was a concern at 
the time, it has not progressed or caused further 
problems over the 11 y~ars of service. 

To better understand the concept of the precast, 
prestressed concrete bridge decks, Figures 1 through 
15 detail their fabrication, erection, and perfor
mance over the past 11 years. 

The Knightstown deck had an epoxy sealer applied 
to it by maintenance forces during the first sum
mer. This material is now flaking away from the 
shoulder area and is no longer apparent within the 
wheel paths. Concrete quality is good, and the only 
deterioration in the decks is small spalls at the 
lips of the joints. Many of these were damaged at 
the time of construction, as has been mentioned ear
lier, but the repairs have not held up as well as 
those at Bloomington. Minor repair is needed at 
several locations. One spall due to steel corrosion 
occurred, but it is not connected to the prestress
ing steel. Rather, it appears to be a bar, which 
was possibly used to position the small tubes that 
were later to accommodate the posttensioning steel. 
This single location needs a repair in excess of the 
bituminous cold mix that had been placed to smooth 
out the spalls at the lips of the joints. 

The performance of the concrete and the deck sys
tem has been successful for the past 11.5 years. No 
indications of severe distress in the near future 
have been found on these structures. 

It is concluded that precast decks offer an ex
cellent method of obtaining quality concrete and 
quality deck performance. The construction sequence 
is such that the method could be used for rapid re
placements of decks, if that was desirable. Also, 
many operations could be done simultaneously. 

Load tests conducted over the first 2.5 years of 
deck service indicated no significant changes in the 
performance of the decks. The decks do not have a 
rough or objectionable ride. Drivers do not realize 
they are passing over a unique deck system. Also, 
these decks could be overlaid and likely will be in 
future years. 

Figure 3. Precast deck elements are placed as deck replacement. End elements 
had blackouts to accommodate posttensioning anchors, and were later filled 
with epoxy mortar. 

Figure 4. Precast, prestressed deck elements are positioned directly from 
delivery truck. 
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Figure 5. Completed deck near Bloomington prior to opening to traffic, 1970. 

Figure 6. Precast deck near Bloomington after 11 years of service. No wearing 
surface or protective coating has been applied to deck. Rubber expansion 
joint shown here has performed well; however, southbound lane's joint has 
been damaged, probably by a snow plow. 
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Reconunendati ons for fur ther implementation of 
this concept are that flat butt joints be used to 
reduce spalling at joints and that, when replacement 
decks are urgently needed, the contractors be pro
vided with incentives for r apid removal of old con
crete, placement of new deck elements, and prepara
tion of the approaches . 
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Figure 8 . Minor damage to lips of female joints occurred during construction 
when a steel-wheeled roller placing asphalt on the approach backed onto bridge. 
Epoxy repair is still performing well. 
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Figure 9. Only deck area that has required maintenance is a small spa II. Filled 
lifting points are also visible . 
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Figure 10. Knightstown deck was designed with built -in crown and with 
stirrups at ends of each slab to accommodate cast-in-place curb . 

Figure 11. Erection of Knightstown deck was started at center of span; lifting 
was done with one crane , but two were used for positioning elements. 
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Figure 12. Slabs were fastened to underlying steel with rail clips. Clips were 
not entirely placed or tightened until posttensioning was completed. 

Figure 13. View of final posttensioning operation taking place in 1970. 
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BEBO Concrete Arch Structural System 

NEAL FITZSIMONS 

In December 1969, U.S. Patent 3,482,406 was issued to cover a new concept 
of using precast concrete. Normally considered a rigid material, the precast 
concrete is placed in a state of "flexible stability" to attain a safe and efficace
ous earth-covered structure for spanning up to about 60 ft under fills of from 
less than 2 ft to more than 40 ft and service loads in excess of 300 tons. The 
key to the in-service success of the Beton Bogen (BEBO) concrete arch, which 
was originally tested in 1966, is the balancing of arch deformations against the 
counterdeformation action of passive earth pressures generated by the deforma
tion of the uniform arch ring itself. The engineering problem was to design a 
standardized system that attained this balanced result over a range of practical 
spans. Further, the system had to be easily fabricated, transported, and placed; 
able to sustain lateral forces generated by asymmetrical backfilling and compac
tion operations; and, once in service, be virtually maintenance free. To date, 
76 bridges have been built by using the BEBO system in Europe and the Near 
East under a wide variety of foundation conditions. Some of these projects in
cluded multispan designs, but only a very few required wingwalls. The system 
has been successfully adapted for nine underground garages by using reinforced 
concrete ties. The usual span for these structures is 60 ft, and they have over
head clearances of 10 ft . Since its original 1966 prototype structure, the 
BEBO system has been modified and improved, but its basic successful concept 
has been retained. Postconstruction performance has substantiated original ex
pectations, and competitive bidding has demonstrated its economy of construc
tion. 

Of the 566 000 bridges in the inventory of the Fed
eral Highway Administration (FHWA) , more than 
212 000 have been designated as deficient either 
structurally or functionally. Many of these have 
spans less than 55 ft. With this fact in mind, it 
was decided that it would be worthwhile to study the 
Americanization of a Swiss bridge system called the 
Beton Bogen (BEBO) concrete arch. The BEBO concept 
was developed by a Swiss civil engineer, Werner 
Heierli, who was familiar with the phenomenon of 
soil-structure interaction through his studies at 
the Massachusetts Institute of Technology in 1961 
and 1962. In 1966, a full-scale test structure was 
erected and tested near his home city of Zurich 
(Figure 1). (In this figure, an asymmetrical load 
of 340 tons is shown on the 49-f t 2. 5-in clear 
span. The arch ring is slightly less than 6.5 in 
thick and the span/rise ratio is 3. 4:1.) The ex
periment was so successful that the Swiss federal 
government decided to apply it to a site on Federal 
Highway Number 1. Built in 1967, this bridge still 
serves with a maintenance-free record. Since that 
time, 80 other structures have been built by using 
the BEBO concept. They include bridges on a variety 
of sites, cut-and-cover tunnels, and underground 
parking garages. In addition, the West German 
government required a second test structure and a 
university-based research program to ascertain that 
all structural details were safe and durable. In 
August 1981, the first bridge outside of Europe and 
the Middle East was built in Edina, Minnesota. 

HISTORICAL BACKGROUND 

It was the Roman engineer that made the arch the 
standard structure for highway bridges and aqueduct 
stream crossings. 
semicircle with 
deep arch stones. 

The Roman arch was invariably a 
massive piers (or abutments) and 

The two hazardous times in the life of a Roman 
arch were the dropping of the wood centering during 
construction and an extraordinary flood. During the 
Dark Ages, Roman arches became convenient local 
quarries for precut stone, and akin to this hazard 
was military destruction. Service load failures 
were virtually unknown. 

It was Perronet (1708-1792) who perfected the 
circular arch segment as a means for substantially 
increasing bridge spans without a concomitant in
crease in rise. Other forms of the arch appeared in 
the 10th century even for shorter spans, and the el
lipse became particularly popular. As the craft of 
architecture began to merge with mathematics and 
mechanics into the art of engineering, so the use of 
mathematical forms such as the parabola was in
troduced into bridge practice for both timber and 
stone. 

Throughout the 19th century, most practical 
engineers used empirical rules developed from the 
geometry of successful bridges, although elastic 
analysis is found in American texts at the turn of 
the 20th century. When concrete was introduced as a 
structural material for arch bridges, the fixed-end 
assumption persisted for some time, even though the 
two-hinge theory was well developed. After World 
War I, reinforced concrete structures became in
creasingly popular and elaborate hinge conf igura
tions were designed for reinforced concrete arch-rib 
bridges for spans more than 55 ft. For shorter 
spans, the old masonry rules remained as common 
practice. 

Before closing this historical survey, it is 
interesting to note Brunel's Maidenhead Bridge of 
1837. This railroad bridge's three arches each 
spanned 128 ft but had a rise of only 24 ft. Such a 
daring flat design provoked much controversy and 
speculation that it was doomed to collapse. After 
its first century of service without the slightest 
problem, no one doubts its safety; but this same 
question arose during the Edina BEBO project. 

AMERICANIZATION OF THE SWISS CONCEPT 

Despite the obvious success of the BEBO arch system 
in Europe, there was some doubt as to whether it was 
a competitive form for the United States. Although 
the mathematical basis for structural analysis of 
the BEBO design was widely accepted in American 
universities, it was American practitioners who had 
to decide on the structural merits of the system. 

Figure 1. Original BEBO test structure in Zurich, Switzerland (1966) . 
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Many of these engineers were not familiar with the 
mathematical intricacies of finite-element analysis, 
and even those that were looked at a mass of com
puter printouts with less than enthusiasm. There
fore, one step in the Americanization process was to 
develop a simplified analytical technique by which 
local, county, state, and federal engineers along 
with consultants could review BEBO plans with a 
minimum of time and effort. Other programs that 
were developed included hydraulic analysis for 
stream crossings and foundation design. 

The structural analysis program is calibrated to 
the more refined finite-element method (FEM). It is 
basically concerned with service loads and var ia
tions in overfill depths, whereas FEM not only con
siders these cases, but it also determines stresses 
in the precast elements generated during handling, 
transporting, erecting, and backfilling. As it turns 
out, the most critical stresses in the elements may 
not occur during service but rather during their 
preservice life. Thus, the steel in an arch element 
is the same whether the overfill is the minimum of 
about l ft or as much as 6 ft or more. 

The original BEBO structures were built of pre
cast reinforced concrete plates about 6 ft by 20 ft 
by 8 in. The units were set on a special steel 
erection frame and then doweled and grouted together 
at the joints. Each day after one set of plates was 
in place, the frame was jacked into position for the 
next set of plates. In general, spandrel walls were 
not used: instead, the fill was sloped down over a 
special set of end plates. 

Talks with American engineers, precasters, and 
contractors quickly revealed that the plate system 
would have limited success in the United States. It 
was decided to concentrate on a single-leaf or twin
leaf modification, the latter having had some appli
cation in Europe for smaller spans. Further, be
cause of the nature of the Arner ican precast market, 
it appeared advisable to consider precasting the 
spandrel walls, the wingwalls, and the arch base. 

The final geometry of the American version of 
BEBO was based on structural considerations (pre
service and service), hydraulic characteristics, and 
regulations that govern the transportation of heavy 
loads in each of the 50 states. 

The project sequence for the Arner icanized system 
is as follows: 

1. A catalog model is selected based on site 
geometry, hydraulic requirements, and clearances. 

2. The foundation slab size· is determined by 
local site conditions. 

3. The site is excavated to foundation grade and 
the foundation slab is cast in place. 

4. The erection of the precast elements beg ins 
with the precast arch bases and ends with the wing
walls. 

5. Backfilling is accomplished in prescribed 
lifts. Grossly unsymmetrical fills are not permitted. 

6. Paving, landscaping, r iprapping, guardrails, 
and other nonstructural i terns are completed and the 
bridge put in service. Elapsed time is about two to 
six weeks, depending on the overall size of the 
project, seasonal factors, etc. 

EDINA EXPERIENCE 

The Arner ican engineer responsible for Arner icanizing 
BEBO was fortunate to have an experienced precaster 
who had a penchant for innovation on his first proj
ect of this type to be built in the United States. 
Through a cooperative effort with the Swiss firm, 
all the details of producing a bridge meeting all 
Arner ican Association of State Highway and Transpor-

39 

Figure 2. First BEBO arch built in the United States in Edina . 

tation Officials (AASHTO) standards as well as local 
standards and requirements were completed in a mat
ter of months. The City of Edina followed standard 
competitive procedures, and the final low bid for 
using the BEBO structure was approximately the same 
as the estimate, the lowest being $113 000. An al
ternate system was offered at $22 500 more than this 
low bid. Figure 2 shows the completed bridge. It 
has a span of 40 ft 4 in and a rise of 9 ft 8 in. 
The total width is 74 ft and there is 2 ft of fill 
over the crown. The service load is HS-20. There 
are 12 arch elements, each 48 ft 5 in long, 6 ft 
wide, 10 in thick, and weighing 18 tons. There are 
two spandrel elements, each 44.5 ft long, 12 ft 
high, 12 in thick, and weighing 18 tons. There are 
eight wingwall elements, four high uni ts (sloping 
from 13 down to 9 ft), and four low units (sloping 
from 9 to 5 ft). The high units weigh 9.5 tons and 
the low uni ts 7 tons. All wingwall units have a 
stern thickness of 10 in. 

The cast-in-place foundation required about a 
week, but the erection of the precast elements was 
accomplished in less than two days. With more ex
perience, it is believed that only one day would be 
enough. Because there are no special hinges between 
the arch elements and the foundation, about 2 h for 
grouting was all that was needed. Backfilling took 
another day or so. Because of the newness of the 
system, the Edina engineering department made a 
series of on-site measurements. 

Sl.MMARY 

From experience gained since studies of applying the 
Swiss short-span arch-bridge system to the United 
States began in 1979, it appears that it has certain 
advantages within the span range of from about 15 to 
55 ft and within span:rise ratios of about 4:1 to 
2:1. 

From an engineering standpoint, the system has 
the following characteristics: 

1. Low installation cost; 
2. Low maintenance cost (virtually none); 
3. Short construction time: 
4. Meets AASHTO design standards for Interstate 

use; 
5. Live load impact effects muffled: 
6. Live load stress reversals: 
7. Temperature stress reversals minimal, thus 

increasing durability; 
8. Structurally durable and reliable: 
9. Useful hydraulic properties: 

10. Readily site adaptable: 
11. Desirable conservation characteristics (nat

ural stream bed) : 
12. Aesthetically pleasing: 
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13. Resistant to extreme flooding; 
14. Maximum use of local materials; 
15. No bcidge deck to deteriorate and no joints 

in road; 
16. Low hazard from ice glazing; 
17. Minimal inspection required by owner; and 
18. Not sensitive to unequal settlement. 

From the precasters and contractors viewpoints, 
the system has the following characteristics: 

1. Meets load limitation and clearance standards 
for transporting in all states; 

2. Requires no special processes (prestressing, 
steam curing, etc.); 

3. Requires no special materials; 
4. No special erection equipment needed; 
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5. Low initial capital investment; 
6. Requires no new skills, but present skills 

must be augmented; 
7. Precise pricing possible once operation es

tablished; 
8. Increases construction season; 
9. Not sensitive to backfilling when prescribed 

backfilling operations are used; and 
10. Small on-site work force. 

For the above reasons, it is believed that the 
Americanized version of the Swiss BEBO system will 
find many applications in the United States. 

Publicatio11 of this paper sponsored by Commillee on Construction of' Bridges 
and Structures. 

Bridge Structure Construction System That Uses Treated 

Lumber 
G. DUANE BELL AND KENNETH A. OLSON 

For generations, timber has been considered an economical material for bridge 
construction. Although for years railroads made good use of traated timber in 
their bridges, little thought was given to design or permanence of timber for 
highway bridges, which resulted in timber being viewed as a second-class mate· 
rinl. Even thou gh prewrvativo·trcatud wood was avomually usod, it is only 
in rocent years that sorious considcratlon has been given to the design of treuted 
timber for u~e in short·$pan highway bridges. Treated timber offers econon\ical 
advantages, but it provides other advantages as well. Treated-timber material 
will not crack, crumble, or rot. It cannot be damaged by continuous freezing 
and thawing, and it is not affected by temperature, alkali soil, or acids. When 
(lroperly designed, a 1·imbor bridge provides fle><iblllty and lower costs in design, 
simplicity in construction, short co1utruc1ion duration, liulu or no maintenance, 
minimal weather considcratio11s during construction, and comparability with 
tho surrounding cnvlronmont. Ono tv11e of economical timber bridgo is tho 
longitudinal laminated-floor design, which is especially easy to construct. To 
form the superstructure, 3· or 4-in planks are set on edge in the direction of the 
span; they are offered in spans up to 38 ft in length. Deck planks are laminated 
together into panels approximately 6 ft wide by using ring shank dowels. Panels 
are attached to each other at tho site by using dome head drive spikes through a 
shiplap joint. The •tructurc, which is usually completed in a few days, mini
mizes cost and nconvenienco to tho taxpavar. 

If the term "wood bridge" is mentioned, most of us 
immediately picture an old-fashioned covered bridge 
(Figure 1) or perhaps an old, broken down, poorly 
constructed wood crossing (Figure 2). Actually, the 
first wood bridge probably was a log laid across a 
chasm. For years thereafter wood was an important 
material used in the construction of bridges. 

Railroads and their company engineers long ago 
recognized the value of wood as a basic bridge mate
rial. Wood was readily available. It was durable; 
easy to use; easily maintained, repaired, or modi
fied; and the use of wood preservatives made it per
manent. By applying engineering practices, treated 
wood became a predominate material. Virtually 
thousands of timber railroad bridges were built, and 
many still provide excellent service. 

Wood bridges for roads or highways, however, were 
often built with little thought given to design or 
concern for permanence. Wood was usually a material 

put together quickly and cheaply to meet society's 
basic need of getting from one stream bank to an
other. Thus, for highway bridges, wood evolved as a 
second-class material. Gradually, data on timber 
construction offered by most engineering schools 
decreased. Many practicing engineers have had al
most no background in timber construction. It is 
ironic that wood as a construction material has been 
around almost as long as man and yet is probably the 
least understood common building material. Wood is 
a highly desirable raw material because it is a re
newable resource that is provided by significant 
amounts of forests in the United States. It is a 
long way from that small stream crossing for the 
horse and buggy compared with the demands that 
present-day traffic puts on major highway bridges. 
(You might say it is like comparing a Model T with a 
Cadillac. In between there are a lot of bridge 
needs, and a good many of them are on rural and 
township roads. The Model T is inadequate, but the 
Cadillac is more than is needed. The key is to 
match the solution to the need; i.e., adequate de
sign, permanence and integrity, and economical 
cost. That is where treated timber can help.) 

There is nothing second-class about timber 
bridges (Figure 3). Treated timber offers econom
ical advantages over other materials. It wi 11 not 
crack, crumble, or rot. It cannot be damaged by 
continuous freezing and thawing. Salt will not pit 
it, water will not rust it, and it is not affected 
by temperature, alkalai soil, or acids. As a matter 
of fact, chemical companies such as DuPont have been 
using preservative-treated wood box culverts in ef
fluent discharge systems for years. They found 
treated wood to be the best material available to 
withstand the chemical action of toxic wastes. 

When properly designed, treated timber provides 
flexibility; it can be easily modified, expanded, 
dismantled, or moved from one location to another 
should needs change. Treated timber provides econ-
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Figure 1. Typical old-fashioned wooden bridge. 

Figure 2. Example of old wood crossing. 

Figure 3. Example of timber bridge. 

longevity, depen<l
construction dura

minimal weather 
and compatabil-

omy, simplicity in construction, 
able material availability, short 
tion, little or no maintenance, 
considerations during construction, 
ity with the surrounding environment. 

The departments of transportation in some North 
Central and Midwestern states now recognize the ad
vantages of using treated timber for bridges on 
secondary roads. Many specifying engineers are re
questing treated timber. 

There are several variations in 
design. Most of them have advantages, 
that offers the greatest combination 

timber bridge 
but the type 
of desirable 
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characteristics is the longitudinal laminated-deck 
design. Figures 4 and 5 show an abbreviated two
sheet drawing of a typical longitudinal laminated
deck timber bridge. This design accommodates spans 
up to 38 ft, is simple, and is easily constructed. 
It also conforms to American Association of State 
Highway and Transportation Officials (AASHTO) (l) 
standard specifications for highway bridges [Section 
1. 2.5 (for highway loadings)] and bridges designed 
for HS 20-44 loadings. Section 1.3.4 covers distri
bution of wheel loads on timber flooring. Paragraph 
B pertains to longitudinal flooring, normal to di
rection of span. We mention this because frequent 
questions from engineers are about that specifica
tion and about laminated floor versus splined or 
doweled floor. After several years of confusion 
about the definition of a doweled floor, an amend
ment came about as a result of extensive testing 
done on an actual timber bridge. Test results 
showed the design more than met the strength and 
deflection requirement as prescribed by AASHTO for a 
splined or doweled deck. 

The long i tud in al laminated-deck timber bridge 
consists of shop-assembled deck panels (Figure 6). 
Panels are about 6 ft wide, made up of 3- or 4-in
wide planks set on edge: the depth of the plank 
varies with the length of span. Span lengths are 
from 18 ft (where 10-in planks are used) to 38 ft 
(where 16-in planks are used). Planks are pre
drilled with holes at 12-in centers and are usually 
treated with creosote or penta in heavy oil, then 
attached to each other by means of 11- or 15-in ring 
shank dowels. Creosote or penta in heavy oil are 
preferred preservatives because they provide a 
higher and more uniform moisture content over a 
longer period. Adjacent deck panels are fastened to 
each other with drive spikes nailed vertically 
through a shiplap joint, which consists of one-half 
of a plank connected at the bottom of one panel and 
one-half of a plank connected at the top of an ad
jacent panel (Figure 7) • Deck panels are supported 
on timber caps, which in turn are supported on piles 
(Figure 8). During deck installation, a 6xl2-in 
wood-spreader beam is installed under the deck at 
midspan (Figure 9) • 

Two basic types of curbs and rails are used. 
Where 10-kip rail is required, a 6xl2-in treated
timber curb is bolted through scupper blocks to the 
deck by using split ring connectors. The railing is 
a treated glu-lam timber connected to 8xl2-in 
treated-timber rail posts. Posts are anchored with 
drive spikes to the deck and bolted to the curb 
(Figure 10). Where 10-kip rail is not a require
ment, there is a simplified rail design that uses 
smaller timber curbs and posts with standard steel 
beam guardrail. 

For the abutments and wings, timber piling is 
driven to a minimum of 15-ton bearing, then aligned 
for placement of the timber cap and timber backing. 
Then 3-in treated-timber backing planks are in
stalled on the timber piling. A vertical timber 
functions as a pile stay, which helps keep the cap 
in place and prevents the abutment from moving for
ward after back-filling (Figure 11). The wing plank 
and abutment plank join at the corner pile to form 
an interlocking finger like connection (Figure 12). 
When abutments are placed farther back in the bank 
and 14xl4-in caps are used, piles can be spaced far
ther apart, which results in savings in abutment 
construction (Figure 13). Piers can consist of 
either timber piling or cast-in-place concrete or 
steel piles, depending on site and ice conditions 
(Figure 14). 

Testing of the bridge was done under the direc
t ion of an independent inspection agency. In the 
bridge used for testing, the deck consisted of four 
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deck panels that were 12 in deep, 6 ft wide, and 26 
ft long. A timber-spreader beam was installed under 
the deck at midspan. A 10-kip railing was also in
stalled. The testing of the deck was done by apply
ing a load with bundles of steel to simulate wheels 
20xl0-in in dimension (Figure 15). The test series 
consisted of several sets of conditions, including 
tests for simulated single-axle loading (two wheels) 
and the single-wheel loadings (one wheel). A total 
superimposed load of more than 70 000 lb was applied 
in the single-axle test. That is more than twice 

Figure 6. Shop-assembled deck panels. 

Figure 7. Fastening of deck panels. 

Figure 8. Support for deck panels. 

Transportation Research Record 871 

the required loading. Yet the deflection was only 
one-half what the calculated deflection formula 
would indicate. The single-wheel test had even bet
ter results. For testing the 10-kip railing, a 

Figure 9. Installation of wood-spreader beam. 

Figure 10. Bridge rail and curb. 

Figure 11. Vertical timber functioning as pile stay . 
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horizontal load of 10 000 lb was applied to the 
railing and to a rail post by using a calibrated 
hydraulic ram system and held for 1 mini it showed 
excellent results. 

Figure 12. Wing and abutment planks. 

Figure 13. Alternate abutment configuration. 

Figure 14. Steel piles used in piers. 
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We have mentioned the advantages of the longi-
tudinal laminated-deck timber bridge. Its sim-
plicity in construction is a big one. It is not 
uncommon for a small contractor or a county crew to 
install a timber bridge by using one carpenter fore
man, a machine operator, and one or two laborers. 
It does not take a lot of sophisticated equipment or 
many highly skilled workers to do the job (Figure 
16). Minimal weather consideration is another ad-

Figure 15. Testing the deck. 

Figure 16. Construction of timber bridge. 

Figure 17. Work is easily done during winter months . 

. ·-
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Figure 18. Panels are stockpiled at the job site. 

Figure 19. Panels are quickiy installed. 

Figure 20. Completed timber bridge. 

vantage. It is not uncommon to build timber bridges 
during the month of January in Minnesota. We will 
not say that efficiency is at its best, but it sure 
beats trying to pour concrete (Figure 17). The need 
for only a short construction duration is another 
advantage. Very often complete timber bridges are 
installed in a matter of a few days, and a good part 
of that is spent in driving piles and building abut
ments and piers. In fact, complete decks are usu
ally installed in less than a day. Panels are 
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Figure 21. Timber bridge for vehicles. 

Figure 22. Timber bridge for pedestrians. 

Figure 23. Treated-timber bridge. 

lifted directly from trucks or from a stock pile at 
the job site and set into place in a matter of min
utes (Figures lB and 19); before long the bridge is 
complete (Figure 20) • 

We do not believe that there is any bridge mate-
rial that can provide the 
timber bridge (Figure 21). 

aesthetic qualities of a 
That is true, not only 

is especially true at 
bridges have been in-

of vehicular bridges, but it 
sites where timber pedestrian 
stalled (Figure 22) • 
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Figure 24. Example of treated-timber bridge. 

Like any new type of construction or material, 
contractors new to timber: bridges may bid unrealis
tically high when bidding the first few times. With 
a little experience, however, the cost of treated 
timber becomes consistently equal to, or usually 
less than, other bridge materials. 

Recently, a consulting engineering firm offered 
data on total in-place cost comparisons on approxi
mately 200 county and/or township bridges built over 
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Treated-timber a period of three years. 
averaged about $30/ft 2 • 

petitor--concrete Quad-T--was 
more. Other types of bridges 
And, incidentally, most of those 
of the longitudinal deck design. 

bridges 
Their closest com-

about 10 percent 
were even higher. 
timber bridges were 

We do not have to remind you of the tremendous 
need for bridge replacement or: that the need for new 
bridges will cost the taxpayer millions of dollars. 
Never has there been a time when economy was more 
important. Many of those bridges are in rural areas 
on county, township, or municipal roads and at sites 
where simple, multiple short-span, and economical 
bridges are ideal. With treated-timber bridges, 
there is an opportunity to have some of the best of 
all worlds (Figures 23 and 24). 
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Live Load Distribution in Concrete Box-Girder Bridges 

RAYMONDE. DAVIS, VU DINH BON, AND FRANK M. SEMANS 

Traditional methods for designing bridges that reduce the significant parameters 
affecting distribution of live loads to a single entity (e.g., stringer spacing or 
deck width) represent archaic oversimplifications. They are held over from the 
precomputer era and result in a spectrum of designs that range from ultracon
servative to those that would be unsafe but for generous safety factors. Devel
opment of such distribution factors has usually been based on the assumption 
that all lanes on a structure are loaded with design vehicles, and such design 
methods become particularly meaningless when used in conjunction with hybrid 
loadings such as California's Permit-series, which comprises a single, heavy rating 
vehicle in combination with a single H-series design vehicle. Sophisticated ana
lytical tools developed in the postcomputer era can provide very exact designs 
(perhaps more exact than warranted by live load specifications), but these tools 
are too cumbersome for use in a production environment. Presented here is an 
alternate, intermediate design method that combines relative exactness with a 
shortcut design approach that employs nomographic analysis for traditional 
designs and influence-line analysis for hybrid loadings. 

For many years, the concrete box-girder bridge has 
enjoyed special popularity on California's freeway 
network. Prior to 1959, design of such structures 
for live load was based on a distribution-factor ap
proach in which individual I-sections were assumed 
loaded with S/5 wheel lines of a standard H-series 
vehicle, where S is the spacing (in feet) between 
centerlines of webs. 

In 1959, California design engineers, who appre
ciated the large torsional rigidity of the closed 
box section, suggested to the American Association 
of State Highway Officials (AASHO) a change in this 
distribution factor to S/7. Sophisticated techniques 
for analyzing such structures were unavailable at 
the time, and the recommendation had little scien
tific basis; nonetheless, the new specification was 
tentatively adopted, contingent on California's 

agreeing to embark on a research project to study 
box-girder load-distribution phenomena. 

The research program began in 1960 with field 
testing of the Harrison Street Undercrossing (!_,1), 
a 34-ft-wide structure that had a single span of 80 
ft. The cross section comprised four cells spaced 
at 7 ft 3 in and provided a live load distribution 
of S/5 = 1.450 wheel lines according to the earlier 
specification and S/7 = 1.036 wheel lines according 
to the revised specification. 

Field testing entailed heavily instrumenting the 
structure with strain- and deflection-measuring de
vices and running a Euclid truck across the span in 
13 transverse positions while internal strains and 
deflections were recorded. The two-axle test ve
hicle was heavily ballasted with reinforcing bar in
gots to 57 kips. Tests were run in three phases: 
with and without intermediate diaphragms and after 
addition of 3-ft-wide barrier curbs and rails. 

Analytic techniques for data reduction involved 
plotting of individual strains as functions of 
transverse position of the test vehicle and, sub
sequently, hypothetical placement of more than one 
vehicle on these strain plots for superposition of 
strains and conversion to stresses and stress inte
gration in individual I-sections for determination 
of stringer moments. These stringer moments were 
compared with computed moments on the span due to a 
single wheel line of the test vehicle to permit as
sessment of an S/D factor for hypothetical combina
tions of test vehicles critical for each stringer. 

The 28-ft roadway between the 3-ft-wide barrier 
curbs permitted two lanes under the specifications 
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current at that time, and application of two hypo
thetical test vehicles to strain plots produced a 
distribution factor of about S/8. A 1-ft-wide sta~ 
dard barrier curb on the same basic superstructure, 
which had a 32-ft-wide roadway, 3 traffic lanes, and 
3 hypothetical vehicles on the strain plots, indi
cated a value of about S/5.5 with no chanqe in the 
value of s. A distribution factor based only on 
stringer spacing was inadequate and would require, 
at least, inclusion of the number of traffic lanes 
as an additional parameter. 

Tests of a 1: 3. 78 scale, reinforced concrete 
model were conducted at the University of Cali
fornia, Berkeley, by Scheffey concurrently with 
tests of the full-scale prototype. The model was 
loaded with a single, concentrated force, but it was 
demonstrated in the analysis of the data by Davis 
and others (]_,_±) that its behavior closely paral
leled that of the prototype. 

Subsequent to completion of initial field tests 
and analyses, a long-term study was initiated joint
ly by the California Division of Highways and the 
University of California, Berkeley, to develop ana
lytical techniques for assessment of box girder 
structural behavior. This phase of the work result
ed from a request for methods of assessing shears in 
skewed concrete box girders. It soon became evident 
that behavior of the skew box was complex and that 
analysis of such structures would follow a lengthy 
progression of development of analyses of geo
metrical configurations characterized by simpler be
havior. 

Concurrent development of the electronic computer 
and its adoption by the engineering ctiscipline per
mitted application of established analytical tech
niques of numerical complexity that had previously 
precluded such use. In 1966, Scordelis (_?.) publish
ed the first program (MULTPL) to be developed as 
part of this research contract, which was for analy
sis of simply supported box-girder bridges employing 
a direct stiffness application of folded-plate tech
niques to closed box sections. Initial application 
of the folded-plate analysis to the Harrison Street 
Undercrossing field-test data had demonstrated that 
the method could predict moment distributions with 
precision. 

In 1967, Scordelis (_£) described three additional 
programs for box-girder analysis: (a) MUPDI, a fold
ed-plate analysis; (b) SIMPLA, a finite-segment ap
proach; and (c) FINPLA, a finite-element analysis. 
A second-generation MUPDI (MUPDI2) permitted appli
cation of folded-plate analysis to continuous struc
tures that contained rigid, intermediate diaphragms 
and provided automatic moment integration for indi
vidual stringers. The MULTPL and MUPDI programs re
quire simple support conditions at abutments, while 
s IMPLA can analyze structures with fixed (built-in) 
conditions at end supports. 

The S/7 distribution factor adopted in 1959 con
tinued to be used in California except for a slight 
modification in the late 1960s, which was to a 
"whole width"/7 factor. 

In 1969, Scordelis, Davis, and Lo (.2) noted that 
an S/7 distribution factor for the Harrison Street 
Undercrossing would produce 7.25/7 = 1.036 wheel 
lines per interior girder and We x 1.036/S = 
6.125 x 1.036/7.25 = 0.875 wheel lines on each ex
terior girder for a total of 4.86 wheel lines on the 
structure. Such a design would be conservative for 
3-ft barrier curbs and two lanes of traffic, and it 
would be unconservative for 1-ft harrier curbs and 
three lanes of traffic. 

In 1970, Sanders (~), who used data from a study 
by Scordelis of 200 California bridges and the 
Scordelis programs, estimated a range of live load 
distribution factors of S/5.7 to S/8.3. 
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In 1969, Scordelis and Meyer (~) published an ex
haustive study of wheel-load distribution in con
crete box-girder bridges and developed a formula 
that included parameters thought to influence load 
distributions; i.e., span between supports, span be
tween inflection points, number of lanes, cell 
width, and number of cells. The formula provides a 
ratio (a) of the number of wheel lines taken by a 
girder to the number of wheel lines taken by the 
girder in a rigid structure; the latter factor may 
be calculated as the ratio of the stiffness of a 
given girder to the stiffness of the cross section. 
(The formula will not be repeated here, since the 
original publication may be consulted by interested 
readers.) 

In 1974, California adopted a load factor design 
and introduced a special Permit-series live loading 
to reconcile discrepancies between design and rating 
criteria (10). The special loading stipulated a 
series of P-series vehicles of greater weight and 
size than the H-series trucks with one such vehicle 
in a given lane of a bridge and a single H-ser ies 
vehicle in an adjacent lane. 

Prior to 1974, American Association of State 
Highway and Transportation Officials (AASH'IO) speci
fications stipulated traffic lanes of variable 
widths that divided the roadway between curbs equal
ly. In that year, the specifications were changed 
to provide 12-ft-wide lanes with no partial traffic 
lanes. 

The Scordelis-Meyer formula soon became obsolete 
for the following reasons: 

1. The derivation was based on lane widths of 
10-16 ft. The 1974 change in specifications sig
nificantly altered the basic assumptions. 

2. The formula recognizes a difference between 
wheel-line distributions to exterior and interior 
girders but assumes vertical exterior webs. Most 
California box girders designed in the past decade 
have used sloping or curved exterior webs, where 
stiffnesses of exterior and first interior girders 
will be affected, and a correct formula must include 
separate a-factors for exterior, interior, and 
first interior girders. 

3. The formula recognizes a difference in wheel
line distributions at midspan and interior sup
ports. Based on proof of small error, distributions 
throughout the positive-moment region were derived 
by assuming that all wheel reactions were concen
trated at midspan. It appears that this same as
sumption was made for support moments, and this con
dition may not be critical. 

4. Since Permit-series vehicles are much longer 
than HS-20 trucks, some reassessment of validity of 
the first assumption mentioned in 3 above is neces
sary. 

5. The Scordelis formula was based on the as
sumption that all lanes were loaded with H-series 
trucks. The same assumption used in conjunction 
with heavier Permit-series loadings would result in 
ultraconservative designs. It is difficult to 
visualize the application of any formula to hybrid 
loadings, which are comprised of mixed-vehicle 
modes. The Office of Bridge Maintenance, California 
Department of Transportation (Caltrans), frequently 
rates bridges for vehicle configurations that differ 
from P- or H-trucks; i.e., any proposed design tool 
should be capable of treating any loading. 

6. A very significant deficiency in the formula 
is its unwieldiness for a production environment. 
Significant effort was expended by the Caltrans Re
search Unit that investigated methods of applica
tion, such as nomographs, parametric curves, etc.; 
the number of significant parameters precludes use 
of such devices. 



Transportation Research Record 871 

OBJECTIVES OF RESEARCH 

The current project was initiated to overcome the 
above-mentioned problems and incorporate into the 
design the results of box-girder studies in Cali
!:ornia. A need has been identified for the produc
tion of design methods sufficiently flexible to per
mit treatment of any reasonably specified loading. 

RESEARCH PROCEDURES 

Development of a load-distribution formula proved to 
be infeasible. The Scordelis formula was too un
wieldy for production design because of the number 
of parameters. An even worse situation could now be 
expected, since (a) a new parameter--the web slope-
would be added, (b) a third equation (for first in
terior girders) would be added to two equations now 
required for separate distributions to exterior and 
interior girders, and (c) three additional equations 
would be required for distribution at supports. A 
distribution formula for hybrid (e.g., P-series) 
loadings would be difficult to develop. 

It was decided to present the distribution con
cept in the format of parametric influence lines, 
which have ranges of parameters typical of the ma
jority of designs for any arbitrary loading, and 
simplified nomographs for application to H-series 
loadings. 

A particular advantage of the influence-line ap
proach is its applicability to unusual loadings. A 
vehicle of one variety can be placed at a critical 
location on an influence line and percentages of 
total moment due to that vehicle distributed to each 
stringer can be read from the plot. The process may 
be repeated for vehicles of other types and stringer 
moments due to various vehicles accumulated. 

Some disadvantages are also evident, such as the 
following: 

1. Precedent almost demands inclusion of a dis
tribution formula for every basic structure type in 
the AASHTO specifications. It is difficult to pre
dict how engineers will react to substitution of a 
booklet of parametric influence lines for such a 
formula. 

2. The multiplicity of parameters required limi
tations on parametric ranges and use of mean values 
within these ranges. Some error will occur in de
signs where parametric values depart from mean 
values. 

3. Interpolation will be required when para
metric values fall between plotted ones. Extrapola
tion may not be safe for unusual parametric values 
that are outside plotted ranges. A sophisticated 
analysis by means of such programs as MUPDI and 
SIMPLA may be required in such cases. 

4. The major disadvantage lies in limitations of 
applicability. Subsequent to development of 
Scordelis' formula, work on box-girder analysis has 
proceeded at the University of California and at 
Caltrans. Models have been constructed and ana
lytical techniques developed to assess behavior of 
curved and skewed box girders. 

The finite-element program CELL was developed by 
Willam and Scordelis (11,_!2). Tests by Aslam and 
Godden (13) of small aluminum models that had vary
ing skews demonstrated that the program could assess 
skew box behavior with precision. Nix (14) used the 
program to study behavior of a heavily skewed box
g irder railroad structure and noted significant 
diminutions of longitudinal stringer moments. Wal
lace (15,16) made 51 parameter studies and demon
strated analytically that total stringer moments 
could be reduced as much as 44 percent for a 45° 
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skew and 70 percent for a 60° skew. 
Davis (17) designed a 1:2.82 scale, reinforced 

concrete model with 45° skewed supports to be tested 
at the University of California, Berkeley (18-21), 
for further verification of CELL as applied to skew
ed concrete box girders. With redistribution of 
shears and diminution of moments, influence coeffi
cients developed for structures on orthogonal sup
ports will not apply to structures with heavy skews. 

Influence surfaces might solve problems intro
duced by skew supports, but they are tedious to use 
and of questionable applicability to structures of 
configurations that differ from those for which they 
were developed. Each surface provides a value of a 
parameter at only one location. The volume of plots 
required to cover the range of parameters precludes 
their use. No simplistic tool can be developed that 
will cover the entire range of parameters that may 
be anticipated. 

DEVELOPMENT OF INFLUENCE LINES 

SIMPLA2 was used to establish data for input to the 
influence-line plotter program. Seven studies were 
made to determine realistic, transverse distribu
tions of longitudinal girder moments for 60-, 100-, 
and 120-ft spans that have 3, 4, and 6 cells of 
widths at 7 and 7.5 ft. 

Figure 1 depicts transverse distributions of per
centages of total girder moments for one wheel line 
of an H20-Sl6 truck on a 60-ft span box girder, 
which has three 7-ft-wide cells, a 27-ft-wide deck, 
and fixed simple-support conditions for left ex
terior and first interior girders. Percentages of 
total longitudinal moment taken by these two girders 
are calculated just below the cross section. With 
two vehicles on the span, the exterior girder must 
resist 100.6 percent and the interior girder 129.2 
percent of the total live load moment due to one 
wheel line. 

Distributions for the right girders would be the 
same. The four girders must be designed to resist a 
total of 4.60 wheel lines of moment. The "whole 
width" /7 concept would result in a design for 3. 86 
wheel lines (16.1 percent less). Similar studies of 
other cross sections and boundary conditions indi
cated errors ranging from +5.6 to -18.5 percent (the 
negative sign is indicative of unconservative de
signs). The large negative errors are prohibitive. 

Three computational approaches are listed in 
order of increasing difficulty to produce (a) one 
wheel line of an H20-Sl6 design vehicle at the point 
in a span where it produces maximum moment, (b) the 
center wheel located at midspan, and (c) all three 
wheel reactions lumped at midspan. The permissible 
error of computation must be considered. Five 
structures were considered in these calculations. 

A typical calculation by the first method may be 
described as follows. An influence line was drawn 
for midspan moment in the left exterior girder due 
to a load of 1 kip on th is girder with the SIMPLA2 

Figure 1. Calculation 
of error in use of S/7 
formula. 
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program. Influence lines were drawn for moment in 
this girder due to loads on the other girders and 
for total moment in the cross section due to a 1-kip 
load in any transverse location. 

A plastic overlay, which shows reactions for one 
wheel line of the design vehicle, was moved along 
the influence lines, and ordinates were multiplied 
by wheel reactions and summed until a maximum total 
moment was obtained. Use of just one wheel line en
sured maximum possible moment due to a vehicle 
(since the longitudinal position for maximum moment 
in, say, girder A with girder A loaded is not neces
sarily that for maximum moment in girder A with 
girder B loaded). 

Percentages of total moment taken by each girder 
were computed for successive transverse positions of 
the wheel line. (These percentages need not sum to 
100 i they are maximum percentages of total moment 
taken by a girder as functions of transverse posi
tion of the wheel line). 

In the second set of calculations, midspan in
fluence ordinates and those 14 ft on either side of 
midspan were multiplied by corresponding wheel re
actions. These calculations required no bracketing 
and less effort than the former ones. 

Third, the moment percentages were calculated as 
the ratios of influence ordinates at midspan for in
dividual girder moments to those for the total sec
tion based on all wheel reactions being lumped at 
midspan. The differences between percentages re
sulting from the first and second computational 
methods were inappreciable and those between the 
first and third were prohibitively large (results of 
the third calculation were always conservative) . 

The first method of computation would produce the 
most accurate distribution factors but would require 
drawing all longitudinal influence lines and tedious 
bracketing. Because the second method did not in
troduce substantial error, moment percentages for 
each girder were obtained directly from the SIMPLA2 
output with wheel reactions input in known positions. 

Transverse distributions of moment at supports 
were investigated independently. It would seem most 
reasonable to assess such distributions for vehicle 
positions that produce maximum negative moments at 
supports. Two methods of computation were consid
ered: (a) longitudinal influence lines were es
tablished for each girder with SIMPLA2 and an H20-
Sl6 wheel-line overlay placed on these lines by 
trial and error until a maximum moment was obtained, 
and (b) the influence coefficient was calculated 
only for a single hypothetical maximum moment loca
tion and multiplied by the lumped value of three 
wheel reactions of one wheel line of the H20-Sl6 ve
hicle. The second mode of calculation entails much 
less efforti however, error due to the approximation 
must be within permissible limits. 

Errors in moment percentages calculated by the 
second, less-exact method were as large as 8.9 per
cent and always unconservative. An assumed, permis
sible unconservative error of 4 percent suggested a 
uniform increase of 12 percent in the exterior 
girder support moment percentages for the idealized 
vehicle and an 8 percent increase in interior girder 
percentages in loaded girders only. 

Additional calculations were made of positive 
moments at locations 7 and 14 ft from midspan. Mo-
ment percentages for 
compared with those 

positive-moment regions were 
previously calculatedi there 

were no significant differences in moment per
centages. 

These studies were based on the H20-Sl6 design 
vehicle. The P-series vehicles are much longer, and 
some reduction in moment distribution coefficients 
may be expected, 

Separate runs were made by using the SIMPLA2 pro-
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gram for P-load s, and moment percentages were com
pared by means of a reduction factor. These factors 
were plotted for short spans, and an approximate 
lower bound was established as a conservative esti
mate of maximum allowable reduction factors for 
short spans. Equations for this lower bound are as 
follows. For short spans (60 to 120 ft), the equa
tions are given below: 

Girder 
Exterior 
Interior 

Midspan 
R = (L - 48) I [600 (1 + K) l 
R' = R/2 

Support 
R = 0 
RI = 0 

In these equations, R and R' are the reduction fac
tors, K is the exterior girder slope factor, and L 
is the span length (in feet). 

The reduction factor for P-loads for short spans 
peaks at a span length of 120 ft at 12 percent for 
exterior girders and 6 percent for interior girders. 
For spans that exceed 120 ft, the reduction factor 
decreases with increasing span because the control
ling alternative lane loading covers the whole span 
and is longer than the P-13 truck. Reduction factors 
are listed below for long spans ( 120 to 270 ft) , 
where R, R', L, and K have the same significance as 
above: 

Girder 
Exterior 
Interior 

Midspan 
R ~ (L - 240)/(1000(1 + K)] 
R' "' R/2 

Support 
R = 0 
R' = 0 

An evaluation made by the Caltrans Structures 
Loads Committee suggested that the new, relatively 
precise method be used as the design for more 
realistic trucks for which bridges are rated than 
for the "artificial" P-13 truck. Investigation in
dicated that the 13-axle truck would always be more 
critical than the vehicles for which such ratings 
are usually made. 

RECOMMENDATIONS FOR IMPLEMENTATION 

The four different approaches developed for the de
sign of box-girder bridges are given below: 

1. There is nomographic analysis for structures 
that have 3 to 8 cells, spans of 60 to 270 ft, cell 
widths of 7 to 15 ft, exterior web slopes of 0 
(vertical) to 1 (1:1), depth-to-span ratios com
mensurate with ordinary reinforcement (60- to 150-ft 
spans) and prestressed (80- and 270-ft spans), and 
with the er i tical number of lanes loaded with H20-
Sl6 design trucks. Specified reduction factors 
(0.90 for three lanes, 0.75 for four or more lanes) 
are included, The method will not apply to partial 
loadings for mixed-vehicle modes. 

2. There is influence-line analysis for the same 
parameters as above but that includes provisions for 
partial and hybrid (mixed-vehicle) modes and rating 
for special vehicles. 

3. There is programmed analysis, which permits 
automated application with interpolation of the in
fluence-line analysis. 

4. There is also the application of sophisti
cated computer codes developed by Scordelis for 
special uses (e.g., unicellular or bicellular spine 
beams, boxes with more than eight cells, heavily 
skewed structures, structures with arbitrary plan 
geometry, composite steel and concrete boxes, etc.). 

Figure 2 depicts a typical structure cross sec
tion to which these methods might be applied. The 
report by Davis and others (22) provides a detailed 
study of such an application-:- The following dimen
sions are pertinent: span (L) = 80 ft, number of 
cells (N) = 4, cell width (CW) = 8. 5 ft, (Wel = 



52 

CELL: Vol. 1. California Department of Trans
portation, Sacramento, Rept. CA-DOT-DS-1129-1-
76-3, Oct. 1976. 

16. R.E. Davis and M.R. Wallace. Skew Parameter 
Studies--An Implementation of the Finite Ele
ment Program CELL: Vol. 2. California Depart
ment of Transportation, Sacramento, Rept. CA
DOT-DS-1129-2-76-4, Oct. 1976. 

17. R.E. Davis. Structural Behavior of a Skew, 
Reinforced Concrete Box Girder Bridge Model: 
Vol. 1, Design. Division of Structures, Cali
fornia Department of Transportation, Sacra
mento, Rept. FHWA-CA-ST-4187-78-01, Jan. 1978. 

18. A.C. Scordelis, J.G. Bouwkamp, S.T. Wasti, and 
D. Anicic. Structural Behavior of a Skew, Two
Span, Reinforced Concrete Box Girder Bridge 
Model: Vol. 1, Design, Construction, Instru
mentation, and Loading. Univ. of California, 
Berkeley, Rept. UC SESM 80-1, June 1980. 

19. A.C. Scordelis, J.G. Bouwkamp, S.T. Wasti, and 
D. Anicic. Structural Behavior of a Skew, Two
Span, Reinforced Concrete Box Girder Bridge 
Model: Vol. 2, Reduction, Analysis, and Inter-

Transportation Research Record 871 

pretation of Results. Univ. of California, 
Berkeley, Rept. UC SESM 80-2, June 1980. 

20. A.C. Scordelis, J .G. Bouwkamp, S.T. Wasti, and 
D. Anicic. Structural Behavior of a Skew, Two
Span, Reinforced Concrete Box Girder Bridge 
Model: Vol. 3, Response During Ultimate Load
ing to Failure. Univ. of California, Berkeley, 
Rept. UC SESM 80-3, June 1980. 

21, A.C. Scordelis, J.G. Bouwkamp, S.T. Wasti, and 
D. Anicic. Structural Behavior of a Skew, Two
Span, Reinforced Concrete Box Girder Bridge 
Model: Vol. 4, Detailed Tables of Experimental 
and Analytical Results. Univ. of California, 
Berkeley, Rept. UC SESM 80-4, June 1980. 

22. R.E. Davis, V. Dinh Bon, and F.M. Semans. 
Transverse Distribution of Loads in Box Girder 
Bridges: Vols. 1-6. Office of Structures De
sign, California Department of Transportation, 
Sacramento, Rept. FHWA/CA/SD-80/2, 80/3, 80/4, 
80/5, 80/6, and 80/7, Sept. 1980. 

Publication of this paper sponsored by Committee on Concrete Bridges. 

Design of a Skew, Reinforced Concrete Box-Girder Bridge 

Model 

RAYMONDE. DAVIS 

A 1: 2.82 scale model of a two-span, continuous, reinforced concrete box-girder 
bridge, which has supports skewed at 45°, was constructed and tested at the 
University of California, Berkeley. The cross section and significant dimensions 
were similar to those of two previously tested models, one straight on ortho
gonal supports and one curved on radial supports. The objective of the research 
was to compare behavior of the three models and to verify an analytically pre· 
dieted diminution of longitudinal stringer moments that result from skewing 
supports. All three models were designed by the California Department of 
Transportation. Because traditional design criteria make no provision for 
skewed supports, the skew model was designed by means of a sophisticated 
finite-element computer code called CELL. Girder moments proved to be sig
nificantly less than those in the orthogonally supported model and had a 19 
percent reduction in the main longitudinal reinforcing steel. Distribution of 
girder shears was changed significantly from that of the model on normal bear· 
ings. As a basis for implementation, this paper discusses some features of the 
skew model design process. 

For many years, the California Department of Trans
portation {Caltrans) has been interested in anoma
lies that characterize the structural behavior of 
reinforced concrete box-girder bridges with skewed 
supports. Initially, interest was centered on ef
fects of skew on girder shears. Excessive cracking 
of webs observed at obtuse corners suggested en
hancement of girder reactions that had commensurate 
increases in diagonal tension. 

Complexities in the analysis of skew boxes re
stricted early efforts toward mitigation of observed 
excessive web cracking to establishment of curves 
for augmentation of exterior and first interior 
girder shears at obtuse corners of such boxes. 
(Traditionally, skewed boxes in California have been 
designed as structures of the same spans on orthog
onal supports and detailed with skewed supports.) 
Curves for shear augmentation were established with 
little scientific basis and furnished, at best, only 
estimates. 

A request in 1959 by design management for a more 
definitive study of this problem initiated a pro
tracted study of reinforced concrete cellular struc
tures performed jointly by Caltrans' Structural 
Research Unit and the University of California, 
Berkeley. The research effort included tests of 
full-scale prototypes and small and large-scale 
models. Structures of increasing complexity were 
studied on a progressive basis, as follows: {a) 
simple span boxes without diaphragms on normal sup
ports; {b) simple span boxes with rigid intermediate 
diaphragms, or continuous boxes without intermediate 
diaphragms on normal supports; (c) continuous boxes 
with intermediate diaphragms, which consider effects 
of bent and diaphragm flexibility; (d) curved boxes 
with radial supports; (e) nonprismatic boxes; (f) 
skewed boxes; (g) prestressed boxes; and (h) com
posite concrete and steel boxes. Analytic methods 
employed in the development of computer codes by the 
University of California relied heavily on the 
folded-plate theory and finite-strip, finite
segment, and finite-element methods. 

A valuable computer code developed as part of the 
research effort employs a finite-element analysis to 
assess behavior of cellular structures of arbitrary 
plan geometry. This program, called CELL, was first 
used within Caltrans to analyze a heavily skewed, 
and curved, box-girder bridge to carry rail traffic 
and to assess the influence of intermediate dia
phragms on that behavior. The program has been used 
in studies of boxes of varying skews and aspect 
ratios to establish functional relations between 
skew angle and shear augmentation factors. Esti
mated curves of such factors previously used by 
Caltrans were proved to be unconservative. 

A serendipitous result of these studies was the 
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Figure 2. Cross section of 
structure for sample 
analysis. 

Figure 3. Sample nomo
graphic analysis. 

Figure 4 . Sample 
influence-line analysis. 
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7.25 ft, and slope factor (K) = (2.81/4.69) = 0.60. 
By using the (typical) nomograph shown in Figure 

3, and noting carefully the correction factors in
dicated by aster is ks, a designer can obtain D-fac
tors, where values of S/D (or, for exterior girders, 
We/D) represent distribution factors. 

The typical influence-line analysis is illus
trated (in part) in Figure 4. Interpolations are 
required for span and slope factors and eight sepa
rate diagrams must be considered (for three girders 
each). Resulting moment percentages are obtained 
for P-series and H-series trucks separately. 

Influence-line analysis (which, incidentally, is 
a misnomer) may be easily applied without a com
puter, and it is compatible with arbitrary loading 
conditions. It is probably the only simple approach 
to distribution of such loads. The method becomes 
cumbersome in a production environment, so the com
puter code has been written in FORTRAN IV language. 
Caltrans' program (LANELL) is immediately accessible 
in the time-share option system via a cathode-ray 
tube (CRT) remote terminal. The designer enters 
seven parameters from the keyboard and obtains as 
readout suitably interpolated values for the number 
of wheel lines of P-series and H-series trucks to be 
distributed to each girder and to the whole struc
ture. Factors have also been established for curva
ture correction. 

For the rare design that cannot be treated by the 
first three methods, the Berkeley programs may be 
used, e.g., for spine beams, MUPDI3 and SIMPLA2; for 
heavily skewed structures or boxes with arbitrary 
plan geometry, CELL; for short radius structures, 
CURD!; and for composite steel boxes, FINPLA. 
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demonstration that significant diminutions of longi
tudinal bending moments might be realized in skewed 
structures. A potential for significant economies 
was manifested by curves drawn for simple span 
structures, which suggested the possibility of re
ducing dead load resisting moments by nearly one
half in structures skewed 45° and by nearly 70 per
cent for skews of 60°. 

The reduction of resisting moments is usually 
explained as the result of a tendency to span the 
normal distance between supports. This explanation 
is overly simplistic. Diminution of longitudinal 
resisting moments in the girders is realized at the 
expense of increasing torsional moments that act on 
the structure. As orthogonal supports are changed 
to skewed, formerly symmetrical reactions become 
asymmetrical as those at obtuse corners are in
creased and those at acute corners are decreased in 
magnitude. Resultants of support reactions move 
away from the centroidal axis of the structure, and 
torsional forces are introduced. Closed cellular 
sections possess high torsional rigidity, and in
creases in torsional moments are less significant 
than diminutions of longitudinal moments. It was 
desirable to evaluate qualitatively the influence of 
torsional forces in skewed structures. 

Tests conducted by the University of California 
of small-scale aluminum models that had varying 
skews and aspect ratios verified the accuracy of 
CELL. However, Cal trans' Structures Design manage
ment was understandably reluctant to adopt the indi
cated large reductions in reinforcement quantities 
because they lacked verification with a larger-scale 
reinforced concrete model, the behavior of which 
might also be directly compared with that of the 
(orthogonal) straight and curved boxes tested pre
viously. 

SCOPE OF PAPER 

Responsibility for construction, testing, and analy
sis of behavior of the skew model was assumed by the 
University of California, Berkeley. Responsibility 
for design of the model and implementation of re
sults was assumed by Cal trans' Structural Research 
Unit. This paper describes the techniques used in 
the model design. [This paper is a condensation of 
the work by Davis OJ, in which the design of the 
model has been described in detail.] 

MODEL DESCRIPTION 

The model comprised reinforced concrete elements 
that had a linear scale reduction of 1:2.82. A No. 
4 reinforcing bar in the model, which was built to 
this scale exactly, simulates main No. 11 reinforc
ing bars in the prototype. A 6-mm (0.236-in) bar in 
the model (smallest available with deformations) 
approximately simulates a No. 5 or a No. 6 bar in 
the prototype with minor variations in spacing. 

Constructed on the test floor of Raymond E. Davis 
Hall at the University of California, the model was 
3.66 m (12 ft) wide (from edge to edge of deck), 
25.6 m (84 ft) long (measured between acute cor
ners), and approximately simulated a 10.4-m (34-ft) 
wide continuous bridge with two 31-m (101.5-ft) 
spans. The structure was identical in cross section 
to the curved and straight models tested previ
ously. Transverse reinforcement in the top and bot
tom slabs was the same as in previous models in 
order to maintain similitude. 

The cross section and transverse reinforcement 
patterns were originally established in the design 
of the Harrison Street Undercrossing, a full-sized 
prototype tested by the California Division of High
ways in 1960 (1_,1_) and a 1: 3. 78 scale model tested 
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contemporaneously by the University of California 
(_~_..?_) in the initial phases of the box-girder re
search program. 

MODEL DESIGN 

The methods used to design the skew model appear 
tedious but were characterized by much more thor
oughness than would be expected for a full-sized 
structure. Cal trans' Structural Research Unit em
ploys its own modified version of CELL, which per
mits storage of the decomposed stiffness matrix for 
future use in analyses of various loading condi
tions. An optional mesh-plotting routine is in
cluded, since errors in the geometry of large meshes 
are easily made. 

The mesh employed is depicted in plan to a small 
scale in Figure 1 and, in part, to a larger scale in 
Figure 2. The same geometrical mesh is used for the 
top and bottom slabs (this mesh-generating scheme in 
the current version of CELL mandates vertical webs); 
however, material properties of elements in the two 
slabs may differ. A current research project will 
remove some of the deficiencies in CELL, thereby 
permitting sloping webs and adding a prestressing 
facility and automated girder moment integration. 
This last feature will eliminate much of the effort 
expended in the design of this model. 

The mesh was made rectangular to satisfy a re
quirement of the CELL postprocessor (CELLPOP) (~) 

that all cross sections have the same number of 
girders (e.g., if girder moments within longitudinal 
limits of end supports are desired) . All elements 
beyond supports are made null elements (i.e., with 
zero thickness) in the materials properties section 
of the input data. A second study made with a 
skewed mesh without null end elements yielded sim
ilar results. 

Careful choice of numerical designations of nodes 
and elements allows maximum use of program mesh
generation features. Although punched-card input is 
conceivable, the repetitive nature of the data 
greatly decreases key data entry if this work is 
done on a cathode-ray tube (CRT) terminal with 
standard utility routines that allow rapid prolifer
ation of data blocks (e.g., in Caltrans' IBM System, 
the INCLUDE routine). In all, 688 slab elements 
were described on 50 card images, and 362 vertical 
elements, including all transverse diaphragm ele
ments followed by longitudinal web elements, were 
described on 22 card images. Materials properties 
for upper and lower slabs were specified separately. 

Figure 1. Finite-<ilement 
mesh for design of model 
with CELL program. 

Figure 2. Partial finite
element mesh showing 
skew reference lines for 
vehicle location, ortho
gonal reference lines 
for moment , and shear 
calculations and wheel 
paths. 
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Specifications of nodal coordinates required sep
arate card images for each of 737 nodes: however, 
because of the rectangular nature of the mesh, ordi
nate values are repetitive in blocks of 11, and the 
proliferating routine was used to advantage. A 
single block with 11 different ordinates was estab
lished. The block successively proliferated to 10, 
100, and 800, followed by deletion of 63 card im
ages. Numerical nodal designations (different for 
each card image) and the abscissae (all the same for 
each card image in an 11-card group) may be readily 
entered. 

Materials properties were described on eight card 
images and included separate elastic moduli in the 
x- and y-directions, shear moduli, mean values of 
Poisson's ratio in two directions, and element 
thicknesses. One null element with zero thickness 
was 
the 

included to 
bottom slab 

represent nonexistent elements 
that correspond geometrically 

in 
to 

cantilever upper slab elements and nonexistent ele
ments outside abutment bearings. 

Eleven boundary-condition cards specified zero 
displacements in the z-direction at supports, in the 
x- and y-directions (also) at the center pier to 
prohibit rigid body translation, and in the 
y-direction (also) at the two central abutment sup
ports (to prevent rotation of the whole structure 
about the z-axis). An additional entry on all of 
these cards located reactions at bottom slab nodes. 

A designer who has developed skill in using a CRT 
and utility routines can establish data-input files 
without key data personnel. A partial listing of 
input for geometric and physical properties is shown 
in Figure 3. 

CELL INPUT FOR MODEL DESIGN: LOADS 

General 

Current American Association of State Highway and 
Transportation Officials (AASHTO) specifications for 
bridge design call for 3.66-m (12-ft) traffic lanes 
and no fractional lanes. Tread of the AASHTO design 
vehicle is 1.83 m (6 ft), and minimum distance from 
a wheel line to edge of a lane is 0.6 m (2 ft). Six 
vehicle paths were chosen as the most probable crit
ical paths for the five girders. Four paths would 
suffice but for asymmetry produced by having inter
mediate diaphragm elements in only one span. Six 
vehicle paths produce 12 separate wheel paths: be
cause those in proximity to one another are sepa
rated by only 0.3 m (1 ft), six compromised wheel 
paths shown in Figures 2 and 4 were established by 
moving truck paths a maximum distance of 0.15 m (0.5 
ft) transversely. Thirteen lines paralleling the 
skew were chosen to establish live load positions at 
intersections with parallel wheel paths, and 19 
orthogonal cross sections were established for mo
ment calculations (see Figure 2). 

Exterior load paths are coincident with exterior 
girder webs, and intersections with skew lines fall 
on nodal points. Intersections of skew lines and 
inner wheel paths lie within elements, and concen
trated loads may be distributed to element nodes by 
the tributary-area method. 

Typical input for a single live load condition is 
shown in Figure 5. The requirement of a list of 219 
nodes at which stresses are to be calculated for 78 
live, and l dead, load cases studied again suggests 
tedium in the input i however,, the repetitive nature 
of input again permits rapid proliferation of a 
single file, which is followed by a separate entry 
of nodal points and magnitudes of applied loads. 

Determination of Longitudinal Girder Moments 

Finite-element output from CELL was translated into 
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Figure 3. Partial list of input to CELL program. 
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Figure 4. Critical and compromised 
wheel paths. 

GI G2 G3 G~ G5 

Figure 5. Typical input for one live load case for CE LL program. 
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longitudinal bending moments by the CELLPOP program 
( 6) . The program choos e s significant values from 
the matrices of deck a nd web stresses in two CELL 
data-output files, takes mean values of longitudinal 
membrane stresses (Nxxl at webs and midbays, con
verts them into element forces, and integrates in
cremental moments about computed neutral axes of 
webs to determine total longitudinal moments. Out
put from CELLPOP was plotted as influence lines for 
two adjacent load paths per girder. 

Sta tics Checks 

Any finite-element analysis requires statics checks 
to prove that equilibrium is achieved. A poorly 
chosen mesh or elements of poor configuration may 
produce incorrect results. Membrane stresses 
(Nxxl are given in units of FL- 1 • Total force 
in an element is the product of the mean value of 
Nxx and the element length. Zero stress points 
are found by propor tion from membrane stresses at 
the tops and bottoms of webs. Unit stresses at 
joints in adjoining elements may be compared by di
viding Nxx by the element thickness. Membrane 
stresses at the lower, outer edges of the cross sec
tion are double those listed in the CELL output, 
since the program averages values at this joint be
tween real and zero thickness slabs; doubling was 
performed in the postprocessor. 

Forces and moments in slabs and webs are found in 
the usual manner and are sununed. Longitudinal 
forces should sum to zero. Moment sums at cross 
sections were used in statics checks. 

Reactions at supports may be taken from the gen
eralized force vector in the CELL output for dead 
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load. This vector will list values for all loads in 
the node listing at the bot toms and tops of webs. 
Output values at structure supports comprise combi
nations of upward reactions, and downward reactions 
due to the dead load of elements that frame into 
support nodes. Output values from the generalized 
force vector will not, by themselves, provide cor
rect statics checks. 

A minimum number of statics checks were made for 
the model design, but agreement was excellent. Sums 
of these corrected reactions agreed within 0.03 per
cent with the calculated dead load of the super
structure, while the total internal resisting moment 
at cross section 6 (see Figure 2) agreed with the 
calculated dead load moments within 0.23 percent. 

Live Load Moments 

Positive Moments 

Output influence coefficients for live load were 
plotted with a programmable desk calculator and at
tached plotter for two load paths (on each of two 
graphs) for a total of 19 cross sections for five 
girders. Compar iso ns of mirror images of influence 
lines plot ted for l oad paths 1 and 2 and for paths 5 
and 6 demonstrated that influence of the inter
mediate diaphragm in span 1 was small, that mirrored 
influence lines differed inappreciably from one 
another, and that a portion of the plotting could be 
eliminated by considerations of symmetry. 

Two influence lines were plotted on each sheet, 
since any vehicle axle would be expected to be or
thogonal to the structure centerline and the wheels 
of this axle at the same abscissa. Influence lines 
were digitized to obtain total moments; the two 
adjoining load paths are read simultaneously. In
fluence coefficients for pairs of load paths in ad
jacent lanes were plotted on separate cross sec
tions. The vehicles on these two load paths need 
not be at the same abscissae. 

Calculations of live load moments were performed 
with more precision at many more cross sections than 
would be required in designs of full-sized struc
tures. Conversion of influence coefficient plots 
into l ong itud i .na l resisting moments was performed by 
digitizat ion on a transparent ove rlay drawn t o the 
same horizontal scale as t hat used in the i nf luence
line plots. This overlay co mprised a single hori
zontal line for reference and t hree vertical lines 
spaced at 4.3 m (14 ft) on this scale to facilitate 
reading influence ordinates at the axle abscissae on 
adjacent load paths. Values of these ordinates were 
input to a desk calculator program to compute total 
live load moments for a standard AASHTO design vehi
cle moving in either direction; the output provides 
the maximum of these two values. The plastic over
lay was placed in successive ho r izont a l positions 
until a maximum moment had been calculated. Maxima 
were tabulated for load paths 1 and 2, sununed with 
those of load paths 3 and 4, and augmented by the 
impact factor. 

Negative Moments 

Maximum negative moments over the center bent result 
from the alternative lane loading and imposition of 
two concentrated loads. The lane loading requires 
measurements of areas under influence lines and max
imum negative ordinates. A program that integrates 
areas on a digitizer by circumnavigating their 
boundaries with the digitizer's crosshair probe was 
used. 

Certain positions of the live load produced small 
negative moments in girders over abutment supports 
near obtuse corners of the structure due to the fact 
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Figure 6. Dead load shears from CE LL program. 
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that end diaphragms provide components of longi
tudinal extension to these girders. 

Total Moments 

Digitized values of live load moments were tabulated 
at each cross section, modified by an impact factor, 
and added to dead load moments to create envelopes 
of total moments. The design for resisting moment 
subsequently differs little from standard design 
procedures. 

Determination of Girder Shears 

Dead Load Shears 

Girder shears are obtainable directly from the pro
gram via a second postprocessing program called 
CELLSHR, which chooses proper values of Nxy at the 
tops and bottoms of girder webs from CELL output 
matrices and multiplies the averages of these two 
values by web depths. Signs must be reversed to 
agree with beam convention. 

The ·dead load shears plotted in Figure 6 are very 
different from those that might be expected for a 
structure with orthogonal bearings. The shear at 
girder Gl, which is at the acute corner at abutment 
1, exhibits a very low value. Shears for center, 
first interior, and exterior girders at the obtuse 
corner exhibit nearly the same magnitudes. Shears 
for girders that frame into the bent on the acute 
angle side are very small. Maximum shears at the 
bent occur in the center girder. 

Statics checks were made for dead load shears 
determined theoretically and by the program (see 
Figure 7). Agreement was not as good as in the case 
of bending moment. Calculated total shears from 
CELL fall very close to the curve of theoretical 
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total shear out in the span. At the pier, devia
tions of CELL shears are evident and result from the 
fact that orthogonal sections intersect the bent cap 
where there is no convenient way to determine 
shears. Lesser deviations are evident at the abut
ments, but shear predictions break down at supported 
nodes. 

Statics checks were greatly improved when cross 
sections were taken parallel to supports. The total 
load of the superstructure in span 1 was calculated 
with precision, and the total reaction at abutment 1 
was deducted to provide a total bent shear of 200 t 
(440 kips): the sum of CELL reactions at the bent 
was 180 t (397 kips). 

Live Load Shears 

Calculation of live load shears required an in
fluence-line approach, since the CELL program was 
run for 78 separate locations of the unit load on 
the deck. The plotting of influence lines was auto
mated, again with curves for two adjacent wheel 
paths on each plot, and t he maximum shear values 
were obtained by trial-and-error digitization with 
the transparent overlay. Envelopes of live load 
shears for each girder were added to dead load 
shears, and stirrup spacings were determined in the 
usual manner. 

Bent Cap Design 

Considerable effort was expended in writing addi
tional postprocessing programs to determine bending 
moments in the bent cap. CELL does not directly 
output membrane stresses in the direction of skew, 
and such data must be formulated from deck and bot
tom slab stresses by rotations of axes. The bent 
cap designed on the basis of these stresses proved 
to be very lightly reinforced because forces in out
lying slabs were not taken into account; indeed, the 
effective width of deck slabs is moot. CELL does 
not output bent cap shears. For these reasons, the 
bent cap was finally designed for bending moment and 
shear in the usual manner by using bent cap reac
tions obtained from the program. 

Girder Deflections and Camber 

Vertical girder displacements under dead load are 
given directly in the program output. Engineers who 
have been involved in the construction of heavily 
skewed structures are aware of the difficulties in
volved in establishing camber diagrams that resemble 
actual deflection patterns in finished structures 
because of the propensity for warping. Direct out
put of reasonable configurations of dead load dis
placements is a great aid in the design of skewed 
structures. 

Postprocessor Program Modifications 

After completion of the skew model design, the two 
postprocessing programs--CELLPOP (for calculation of 
individual girder moments) and CELLSHR (for calcula
tion of girder shears) --were combined into one pro
gram, called CELL moments and shears (CELLMOSH), 
which had automatic tabulated output and plot tapes 
for automated plotting of moment and shear influence 
lines. 

CONCLUSIONS 

Volume of longitudinal No. 4 reinforcement in the 
skew model proved to be about 81 percent of that in 
the model on orthogonal supports. Previous calcula
tions suggest even greater savings for simple spans, 
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and it is believed that they would also be greater 
for wider continuous structures of equal length. 
Savings are realized at the expense of significant 
increases in design effort. The alternative to ex
penditure of this effort for heavily skewed boxes 
may be very unrepresentative designs. Automation of 
program input, output interpretation, and develop
ment of expertise on the part of designers would be 
essential to realization of appreciable savings. 
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Response of 45° Skew, Reinforced Concrete Box-Girder 

Bridge Model to AASHTO Trucks and Overload 

Construction Vehicles 

ALEX C. SCOR DELIS, JACK G. BOUWKAMP, S. TANVIR WASTI, AND FRI EDER SEIB LE 

A detailed study of the structural response of a 45° skew, two·span, four.cell, 
reinforced concrete box·girder bridge model under different types of vehicle 
loading is presented. The model, which was a 1 :2.82 scale replica of a typical 
California highway prototype bridge, was 72 ft (21 m) long by 12 ft (3.7 m) 
wide and was supported by 45° skew end abutments and a 45° skew center 
bent supported by a single column. The vehicle loadings used consisted of 
scale models of standard American Association of State Highway and Trans· 
portation Officials HS 20-44 trucks and overload construction vehicles (class 2). 
In addition, influence lines for reactions and deflections were obtained by posi
tioning a forklift truck at selected points on the bridge deck. The experimental 
response of the bridge model in the form of reactions, deflections, moments, 
and steel and concrete strains is compared with the theoretical response values 
obtained from a finite-element computer program CELL. The influence of 
skewness on the major design quantities is also assessed. 

Multicell reinforced concrete box-girder bridges are 
widely used in the California highway system. The 
growing number of complex intersections, the lack of 
space in crowded urban areas, and the demand for 
road layouts without abrupt changes in direction 
frequently necessitate the use of bridges with skew, 
curved, or arbitrary plan geometry. Most design 
calculations for live load distribution in straight, 
skew, and curved box-girder bridges are based on the 
same empirical formula in which the effects of skew
ness or curvature are generally ignored. 

The 1977 American Association of State Highway 
and •rransportation Officials (AASHTO) specifications 
(]J specify a design method wherein a box-girder 
bridge is divided up into a number of interior 

girders plus two exterior girders. Each of these 
girders is designed as a separate member by applying 
to it a certain fraction of a single longitudinal 
line of wheel loads from a standard AASHTO HS 20-44 
truck. The fraction is JIWL = S/7, in which S is 
the web spacing. 

California uses a design procedure in which the 
whole bridge width is considered as a single unit 
and the distribution factor for the whole width unit 
is given by NwL (total) =deck width in feet/7. 
The total moment at any section is assumed to be 
uniformly distributed across the width of the bridge. 

In current practice for a skew bridge, design 
live load moments are determined for either of the 
above empirical wheel loadings by analyzing a 
straight bridge that has the same span but without 
any skew. Empirical rules, approximations, and 
engineering judgment are then used to account for 
skewness in determining longitudinal reinforcement 
cutoff points and some increase in web reinforcement 
for shear in the obtuse corners of the bridge. 

In fact, the presence of skew generally reduces 
the total midspan moments in box-girder bridges 
because of the distribution of the reactions along 
the end abutments. The reduced moment for a simple 
span, 45° skew, four-cell box-girder bridge is shown 
in Figure 1 for a uniformly distributed surface load 
calculated with the finite-element computer program 
CELL (~) and compared with the generally used solu-
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Figure 1. Reduction 
of total dead load 
moment at seclion 
due to skewness. 

Figure 2. Overall 
dimensions of bridge 
model. 
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tion for a similar straight bridge model with the 
same span. The variation of the total midspan mo
ment with the change in the angle of skew is also 
shown in Figure 1. Comartin and Scordelis (~) put 
forward a simplified design method for the design of 
simply supported skew box girders and have recom
mended the use of the computer program CELL for the 
design of continuous skew box-girder bridges. God
den and Aslam (!l verified the theoretical results 
from CELL by testing small-scale 1:29 elastic alumi
num models of skew box-girder bridges. Also, a 
detailed study of 51 mathematical models of skew 
reinforced concrete box-girder bridges by using CELL 
has been reported by Wallace (2) • 

A continuous research program on box-girder 
bridges, which is directed toward improved design 
methods, has been conducted at the University of 
California, Berkeley, in which analytical and ex-
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per imental studies have been successively conducted 
on the structural behavior of box-girder bridges 
that are straight, curved, skew, or of arbitrary 
plan geometry (§_-11_, and paper by Davis in this 
Record). As part of this investigation, a large 
number of computer programs have been developed for 
the analysis of these bridges by using folded-plate, 
finite-strip, finite-element, or finite-segment 
methods. A summary of these programs (with exam
ples) can be found elsewhere (6). In addition, a 
number of the analytical and ex~rimental investiga
tions are summarized by Scordelis (2). 

The most recent extensive investigation was made 
on the behavior of a 45° skew, two-span, four-cell, 
reinforced concrete box-girder bridge model (16). 
In this paper, the bridge behavior under standard 
AASHTO truck loads, construction-vehicle overloads, 
and moving forklift loads is studied in detail, and 
the influence of skewness on the major design quan
tities is assessed. Other aspects of the investiga
tion, such as the structural response of the bridge 
model to point loads at working stress and overload 
stress levels (17), the behavior under conditioning 
overloads and ultimate failure loads (.;IJ!), and the 
time-dependent behavior under sustained dead load 
(19), have been reported on elsewhere. 

CONSTRUCTION OF BRIDGE MODEL AND EXPERIMENTAL 
PROGRAM 

The overall dimensions of the 45° skew, two-span, 
four-cell, reinforced concrete bridge model as well 
as the designation of longitudinal girder lines and 
transverse sections are shown in Figure 2. The 
bridge was supported by 45° skew end abutments and a 
45° skew center bent supported by a single circular 
column. The model was a 1:2.82 scale replica of a 
typical California two:- lane box-girder bridge. The 
chosen scale guaranteed true representation of ma
terial behavior and was determined from the size of 
the standard reinforcing bars [60 ksi (414 MPa) 
yield] used in the prototype and model. A No. 11 
main longitudinal bar in the prototype was exactly 
simulated by a No. 4 bar in the model. 

The bridge model was designed by the Structural 
Research Unit, Office of Structures, California De
partment of Transportation (Caltrans), and was con
structed by an outside contractor in the Structural 
Engineering Laboratory, Davis Hall, University of 
California, Berkeley. The design of the skew model, 
which is described in detail in Davis (see paper in 
this Record), was made with the aid of the CELL pro
gram <ll and resulted in the use of No. 4 reinforce
ment that was, by total volume, only about Bl per
cent of that that would be used in a similar 
straight bridge on orthogonal supports that had the 
same spans. 

A brief summary of the construction of the bridge 
model and the test setup is given in Figure 3. Fig
ures 3a, b, c, d, and g depict various stages in the 
construction of the bridge model, which was done in 
the same manner as the contruction of a prototype in 
the field. Figure 3e shows the additional dead load 
in the form of concrete blocks, which was necessary 
to simulate the proper prototype dead load behav
ior. Figure 3f illustrates the two midspan loading 
frames used for the application of point loads, 
AASHTO truck loads, and failure loads, respec
tively. Figure 3h shows the bridge model during the 
final load test to failure. 

The instrumentation of the model was designed to 
measure loads, reactions, deflections, and strains. 
Load cells were used to mea s ure individual e nd reac
tions under each girder, column reactions at the 
center bent, and loads applied by means of hydraulic 
jacks at midspan sections X and Y. Deflections were 
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measured at 32 points by linear potentiometers as 
well as by mirror scales along the exterior girders 
of the bridge model. Steel strains were monitored 
by 128 waterproofed, weldable strain gages and con
crete strains by 86 concrete strain meters. A low
speed scanner unit with SK storage, magnetic tape 
recorder, digital voltmeter, teletype, and terminal 
boxes controlled and recorded the measurements. 

The experimental program consisted of the follow
ing parts: (a) dead load, (b) working stress loads, 
(c) overloads, and (d) failure loading. The appli
cation of AASH'IO truck loads, construction-vehicle 

Figure 3. Sequence of construction, overall test setup, and loading to failure of 
skew bridge model. 

Figure 4. AASHTO trucks, construction vehicles, and moving forklift truck on 
bridge deck. 
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overloads, and moving forklift truck loads was con
ducted as part of the working stress load stage 
after the bridge model had been subjected to condi
tioning loads that produced nominal tensile stresses 
of 30 ksi (207 MPa) in the reinforcing steel. In 
order to allow the positioning of the truck models 
on the bridge deck, the concrete blocks that repre
sented part of the prototype dead load shown in Fig
ure 3e had to be removed. 

The AASH'IO truck models, one of the construction 
vehicles, and the forklift truck used for the load
ing of the skew bridge model are shown in Figures 
4a, b, and c, respectively. 

THEORETICAL ANALYSIS 

For comparison with experimental data, a theoretical 
analysis was conducted by using the computer program 
CELL Ill, which is a general finite-element program 
for the linear elastic analysis of cellular bridge 
structures in which the structure is assumed to be 
an uncracked homogeneous concrete assemblage of 
plane plate elements that represent the top and 
bottom flanges and the vertical webs. Both membrane 
and plate-bending action are accounted for in the 
elements comprising the structure. Convergences and 
accuracy of solutions were assured by comparing dif
ferent mesh sizes and by statics checks of external 
and internal forces at various sections in the 
bridge model. 

As in the AASH'IO specifications, each truck was 
modeled by six vertical concentrated loads that were 
appropriately scaled down to simulate the prototype 
loads on the model (Figures 4a and b) • The moving 
forklift truck was modeled in the theoretical analy
sis by four vertical point loads (Figure 4c). 

The results from the theoretical analysis by us
ing CELL were in the form of reactions, deflections, 
and internal forces. The internal forces were di
rectly converted by a postprocessor program to indi
vidual girder and total sections moments at various 
transverse sections of the bridge model for direct 
comparison with similarly reduced experimental data. 

AASH'IO TRUCK AND CONSTRUCTION-VEHICLE LOADING 

The model was loaded by scaled-down versions of the 
standard AASH'IO HS 20-44 (MS 18) truck [truck load : 
72 kips (320 kN)] and a proposed overload class 2 
construction vehicle [total load : 320 kips (1470 
kN)]. All linear dimensions were reduced by the 
scale factor 1:2.82, and similitude required that 
the loads be reduced by a factor of 1: 8 to produce 
the same stress in the model as in the prototype. 
Thus, for the model the total load for each truck 
was 9.0 kips (40.0 kN) and for each construction 
vehicle 41.25 kips (183.5 kN). 

The positions and directions of the truck an<l 
construction-vehicle loads on the bridge are shown 
in Figure 5 (also Figure 4). A total of 11 combina
tions of two-lane truck loadings, 3 combinations of 
three-lane truck loadings, and 8 combinations of 
construction-vehicle loadings were used. 

Reactions 

A summary of experimental and theoretical reactions 
is given in Table 1 for selected cases of vehicle 
loadings. The total west end and east end reactions 
shown are the statically equivalent bridge center
line reactions obtained from individual reactions 
under each girder for both experiment and theory. 

Excellent agreement exists for the vertical end 
reactions Rw and RE, while the vertical center 
footing reaction RF is slightly higher in the ex
perimental than in the theoretical analysis. The 
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moment and torque reactions (M and 
good ag reeme.nt between experiment 
for a few load cases . 

T) show generally 
and theory except 

The influence of 
can readily be seen 
of the t otal end 
most load cases act 

skewness of the end abutments 
from the direction and magnitude 
moments l'\.J and Mf:, which for 
in a sense so as to reduce the 

Figure 5. Positions and directions of truck and construction-vehicle loadings 
on bridge dock. 
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midspan moments produced by the vehicle loads. 

Deflections 

Experimental deflections are shown in Figure 6a for 
vehicle loadings pxoducing maximum deflection at 
transverse sections X and Y in the diaphragmed and 
und iaphragmed span, respectively. Theoretical 
values are not shown, since the analysis, which is 
based on an uncracked structure, does not give dis
placement values that can be directly compared with 
the experimental results obtained from the cracked 
reinforced concrete model. However, it should be 
noted that with a magnification factor of about 
1.5-2. 0 applied to the theoretical deflections from 
CELL (_~}, the overall shape of the deflected experi
mental model can be very closely approximated for 
all load cases in the working stress range. 

For the two- and three-lane truck loads shown in 
Figure 5, the loading is relatively uniform across 
the width of the bridge, which results in an almost 
uniform distribution of deflections that have 
slightly higher deflections toward the acute side of 
the span. For the construction vehicle, only one 
lane is loaded on the acute side of the span, which 
results in substantially larger deflections at the 
loaded position. By comparing results at sections X 
and Y, these loadings also demonstrate the effect of 
the transverse midspan diaphragm. For construction
vehicle loads at position 2C and 4C (Figure 5) in 
the diaphragrned and undiaphragmed spans 1 and 2, 
respectively (Figure 1) , it can be seen in Figure 6a 
that the transverse distr ibut:ion of deflections is 
slightly more uniform in the diaphragmed span. 

The maximum deflections for the two-lane truck, 
three-lane truck, and construction-vehicle loadings 

Table 1. Comparison of theoretical and experimental reactions under truck and construction-vehicle loads. 

MF ' -MtE x 
~· 5E 
•F~ - r, 

j)-').ai ! 'E 

IE 

Real'tions 
Load (kips) 

West End Center Footing East End 
Total Section Section 

Solu- llw Mw Tw R1.· M,_. T, .. R1.: M1·: Ti·: R x y Total 
Lo"d Case lion (kips) (kip-ft) (kip-ft) (kips) (kip-IL) (kip-fl) (kips) (kip-ft) (kip-fl) (kips) (Px) (Py) (P) 

Two-l.Ain..- Truck Loading 

4A T -0.5 -9 9 6. 5 - JO 15 3 1 - 11 II 90 -9 ,0 0 .0 -9.0 
T' -0.6 -7 7 7.0 -9 15 3.1 - 14 14 9 .6 -9 .0 0.0 -9.0 

3A+4A T - L:2 -4 4 I I .8 - 16 I 2 7 .5 17 -17 18.0 -18 .0 0 .0 -18.0 
E - 1.4 -I I 12.0 - 17 II 7.3 12 -12 17.8 -18 .0 0 .0 -18.0 

2A+4A T 4.2 -37 37 I I 5 - 4 17 2.4 - 15 15 18 0 -9.0 -9.0 -18 .0 
E 4.0 -34 34 12.7 - 2 20 2.5 -20 20 19.2 -9.0 -9.0 -18.0 

IA+ 2A T 6.7 -22 ::!~ 23 .0 0 0 6.3 21 -21 36.0 -18.0 -18 .0 -36.0 
+3A+4A E 6.5 -15 15 :!J.9 4 - I 6 .2 16 -16 36.6 -17.8 -18.2 -36.0 

'11He~-Lrnc Truck Loading 

4 8+5 B+r1 B T - 1.8 -2() 26 17.6 - 24 18 I 1.2 -7 27.0 0.0 -27.0 -27.0 
I'. -2 0 -I I 18.1 -27 I 7 11.0 21 -21 27 .1 0 .0 -27.0 -27.0 

IB+2B+3B T 10 I -32 J2 34 .5 0 0 9.4 31 -31 54.0 -27 .0 -27.0 -54.0 
+4 B+5 B+6 B I' 9.4 -:l:1 :?2 35 . 1 -I 9. 1 22 -22 53 .6 -27.I -26.9 -54 .0 

Co11st1 udio11-Vl:'hicll' Loading 

4C T -2.1 -35 35 28.5 -40 58 14.9 -39 39 41.2 0.0 -41.3 -41.3 
I' -2~5 -27 27 30.5 - 52 70 I 5.2 -52 52 43 .2 0 .0 -41 .3 -41.3 

2C+4C T 18 9 -147 147 51.6 -14 64 12.0 -55 55 82 .5 -41.3 -41.2 -82.5 
F 18,4 -138 1.18 5(1.5 - 20 86 12,3 -69 69 87 . 1 -41 .3 -41 .2 -82.5 

No ks : I = thcorl'lh.:al :inti F - cx11•:rimc11t;1I. 
I kip = 4.q48 k N, I l\ip-1 l = 1.3~6 k N-rn. 
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Figure 6. Transverse distribution of deflections 
(inches) and strains (µ-strains) at midspan. 
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were 0.22, 0.33, and 0.74 in (5.6, 8.4, and 18.8 
mm), respectively. The corresponding deflection to 
span ratios were 1/ 1960, 1/ 1300, and 1/580, and 
these would be the same in a full-scale prototype 
structure because of similitude. 

Strains and Maximum Stresses 

The transverse distribution of experimental longi
tudinal strains at midspan sections A and O for 
truck and construction-vehicle loadings producing 
maximum effects are shown in Figure 6b. Similar to 
the transverse distribution of displacements in Fig
ure 6a, the two- and three-lane truck loadings, 
which are uniform across the width of the bridge, 
show strain distributions that are also quite uni
form. For the heavy concentrated load of a con
struction vehicle on the acute side of the dia
phragmed span lC, only small changes in the general 
shape of the transverse strain distribution are 
noticeable at section A, while at section D for a 
load in the undiaphragmed span 4C, a shift of the 
longitudinal strains toward the loaded (acute side) 
of the span can be noticed. 

Multiplying the maximum strain values from Figure 
6b by the modulus of elasticity of the reinforcing 
steel and adding the nominal average dead load steel 
stress for sections A and D of 12 000 psi ( 83 MP a) , 
it can be seen that the total maximum steel stress 
for the two- and three-lane truck loadings of 18 450 
and 22 100 psi (127 and 152 MPa), respectively, is 
below the allowable value of 24 000 psi ( 165 MPa) . 
For the construction-vehicle loading, a maximum 
calculated total steel stress of about 27 000 psi 
(186 MPa) occurs. 

Live load concrete stresses calculated from com
pressive strains are quite small and would be well 
within the allowable stresses when added to the nom
inal dead load stresses. 

Total Moments and Individual Girder Moments 

Tables 2, 3, and 4 summarize the girder moments and 
their transverse distribution for a variety of vehi
cle load combinations. (For truck locations, see 
Figure 5.) 

--tB+2B+3B 
--1c 

-IA+2A 
---IB +28+38 
- ·-IC 

-~ -....__---... __ 

llN=254mm -3A+4A 
(+)STEEL STRAINS 
(-)CONCRETE STRAINS 

--- 418 +SB• 68 
- ·-4c 

lb) STRAINS 

The maximum moments in the bridge model get pro
gressively larger as one proceeds from the single 
truck load to two-lane truck, three-lane truck, and 
finally the construction-vehicle loading. By com
paring the total experimenta l and theoretical sec
t ion moments, fairly good agr eement can be found in 
the diaphragmed span (section A) , while in the un
diaphragrned span (section D) the experimental moment 
was f ound to be consistently higher than the theo
retical moment. Looking at individual girder mo
ments, i t can be seen that , at section A, consis
tentl y a much larger moment is carr i ed in g i r der 1 
experimentally than that predicted by theory. Iler e 
the close proximity o f the staggered midspan d i a
phragm (Figure 1) to the instrumented section A may 
have caused this discrepancy . The percentage dis
tribution of total midspan moments to individual 
girders for critical vehicle loads in Table 4 shows 
that the experimental distribution is virtually the 
same for two-lane truck, three-lane truck, and 
construction-vehicle loading in the diaphragmed 
span, whi l e in the undiaphr a g med span at secti on D 
the construction-vehi cle loading clearly s hows a 
shift in the transverse distribution of the midspan 
moment to the acute side of the span. By comparing 
these percentage values with optimum ones obtained 
for a uniform stress distribution across the bridge, 
the two- and three-lane truck loadings in section D 
show good agreement, while the construction-vehicle 
loading deviates significantly . At s ectio n A, 
again, the high experimental contributi on of girder 
1 can be noted caus ing a stronger deviation from the 
uniform stress distribution. 

Effect of Skewness: Compar i son with Stra i ght 
and Curved Box-Girder Bridge Models 

To show the effect of skewness on reactions, deflec
tions, strains, and moments in a continuous multi
cell box-girder bridge under vehicle loading, the 
following three cases are considered: 

1. A fairly uniform vehicle loading across one 
span (4B+5B+6B), 

2. A concentrated vehicle load on the obtuse 
side of a span (3C) , and 
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Table 2. Section A experimental and theoretical girder moments under critical truck and construction-vehicle loads (moments about gross section neutral axis). 

Single Truck Loading Two-Lane Truck Loading (kip-ft) 
(kip-ft) 

Three-Lane Truck Loading 
(kip-ft) 

IA 

Girder E 

I 
2 
3 
4 
5 
~ 

16 
I 5 
12 
10 

5 
58 

T 

10 
16 
14 
II 

8 
59 

2A 

E 

7 
6 
7 
9 
7 

36 

T 

5 
7 
7 

10 
9 

38 

1A+2A 

E 

23 
21 
20 
19 
12 
95 

T 

l 5 
21 
21 
22 
16 
95 

Notes: £=experimental and T =theoretical. 
J kip-rt = 1.356 kN-m. 

IA+3A 

E 

14 
13 
11 

8 
5 

ST 

T 

9 
12 
12 
10 

7 so 

IA+2A+ 
3A+4A 

E 

18 
17 
16 
15 

9 
7s 

12 
16 
16 
16 
13 
IT 

IB+2B+3B 

E 

37 
33 
33 
29 
18 

TSO 

T 

24 
32 
32 
32 
23 

T43 

Con s truction-Vehicle Loading (kip-ft) 
1B+2B+3B+ 
4B+5B+6B JC 

27 
26 
26 
22 
13 

TI4 

T 

18 
24 
24 
24 

....ll 
107 

E 

53 
48 
48 
41 
24 

2i4 

T 

31 
46 
47 
44 
31 

199 

2C 

E 

32 
29 
29 
29 
20 

i39 

T 

21 
29 
26 
30 
23 

129 

JC+3C 

E 

44 
41 
41 
33 
19 

i78 

T 

26 
40 
41 
37 
26 

T?o 

IC+4C 

E 

35 
33 
34 
27 
I 5 

144 

T 

20 
31 
32 
29 
20 m 

Table 3. Section D experimental and theoretical girder moments under critical truck and construction-vehicle loads (moments about gross section neutral axis). 

Single Truck Loading Two-Lane Truck Loading (kip-ft) 
(kip-ft) 

Three-Lane Truck Loading 
(kip-ft) 

4A 3A 4A+3A 4A+2A 
IA+2A+ 
3A+4A 4B+5B+6B 

Girder 

I 
2 
3 
4 
5 
~ 

E 

8 
II 
ll 
13 
13 
56 

T 

7 
10 
12 
14 
ll 
54 

E 

10 
ll 
7 
7 
5 

40 

T 

8 
9 
8 
6 
4 

i5 

E 

18 
21 
18 
19 
19 
9s 

T 

15 
20 
20 
20 
16 
9t 

Notes: E = experimental and T =theoretical. 
I kip-ft = J.356 k N-m. 

E 

6 
10 
10 
12 
12 
50 

T 

6 
9 

10 
13 
10 
48 

E 

14 
16 
14 
13 
14 
7T 

T 

II 
I 5 
14 
l 5 
12 
6f 

E 

26 
33 
29 
28 
27 

143 

Table 4 . Experimental percentage distribution of total moment at sections A 
and D for critical truck and construction-vehicle loadings. 

Section A Girders Seclion D Girders 

Item 2 4 2 3 4 

Uniform stress 17 22 22 22 17 17 22 22 22 
distribution 

Two-Jane truck 
l A+2A 24 22 21 20 13 
3A+4A 19 22 19 20 

Three-Jane truck 
IB+2B+3B 25 22 22 19 12 
4B+5B+6B 19 23 20 20 

Construi.:tion vehicle 
l c 25 22 22 19 l 2 
4C 14 20 20 23 

T 

22 
30 
30 
31 
23 

136 

17 

20 

19 

23 

3. A concentrated vehicle load on the acute side 
of a span (4C). 

The above three loading cases are compared in Table 
5 with corresponding loading cases on similar 
straight and curved bridge models (10,_Jd) tested 
previously. 

A comparison of the vertical reactions Rw, 
RF, and RE in Table 5 (see key above Tabie 1) 
shows excellent agreement between the three bridge 
types for all load cases except 3C where, in the 
case of the skew bridge, the construction vehicle is 
located on the obtuse side of the span and more load 
is transferred directly into the end abutment and 
less into the center footing than for the comparable 
straight and curved bridge cases. The end moments 
1-\.;i and ME, which are only present for the skew 
bridge, clearly show the characteristics of skew 
bridge behavior. Considering only the loaded undia-

Construction-Vehicle Loading (kip-ft) 
1B+2B+3B+ 
4B+5B+6B 4C 

E 

20 
25 
22 
20 
21 

T08 

T 

16 
23 
23 
23 
17 

Toi 

E 

34 
48 
49 
56 
57 

2<'ff 

T 

29 
42 
49 
54 
44 

218 

3C 

E 

43 
48 
32 
27 
25 m 

T 

33 
38 
33 
27 
18 

149 

2C+4C 

E 

28 
4J 
43 
50 
53 

ill 

T 

24 
35 
42 
48 
39 

188 

2C+3C 

E 

37 
42 
26 
22 
19 

146 

T 

27 
31 
27 
21 
14 

120 

phragmed span 2 (Figure 1) and the end moment in 
this span (ME), it is found that for the case 
where the loads are uniformly distributed across the 
width (4B+5B+6B) and for the case where the span is 
loaded on the obtuse side (3C), the end moment ME 
is positive, whioh means the midspan moment due to 
the vehicle loading is effectively reduced by this 
end moment. However, in the case where the acute 
side of the span is loaded (4C), the end moment ME 
is negative and thus unfavorably increases the mid
span moment due to this midspan vehicle load. 

The total midspan moments at section D at the 
bottom of Table 5 clearly show this influence of 
skewness. Although straight and curved bridges show 
good agreement for all three load cases, the skew 
bridge features a lower total midspan moment when 
the load is applied on the obtuse side of the span 
and a higher total midspan moment when the load is 
applied on the acute side of the span. 

The same phenomenon can be seen from the vertical 
deflections across midspan section Y. Although the 
skew bridge deflections are much smaller for the 
load on the obtuse side of the skew span (3C) than 
for comparable straight and curved bridge cases, 
significantly higher deformations are encountered in 
the skew bridge when the vehicle is placed on the 
acute side of the span. 

A final comparison of results for the straight, 
curved, and skew bridge model is made in Table 6 for 
maximum live load experimental strains and stresses 
under truck and construction-vehicle loadings. 
Strains shown are the maximum values recorded at any 
point in the bridge model under the loadings shown. 
From Table 6 it can be seen that the concrete 
strains are very low for all three bridge types. 
The order of magnitude for concrete and steel 
strains and stresses is about the same for straight, 
curved, and skew bridge models. 
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Table 5 . Comparison between straight, curved, and skew box-girder bridge models. 

Three-Lane Truck, 48+58+68 Construction Vehicle, 3C Construction Vehicle, 4C 

Item Straight Curved Skew Straight 

Reactions 
Rw (kips) -2.0 -2.1 -2.0 -3.0 
Mw (kip-ft) 0.0 0.0 1.0 0.0 
Rr- (kips) 18.8 18.8 18.1 28.6 
RE (kips) 10.5 9.9 l l 0 16.2 
ME kip-ft) 0.0 0.0 20.5 0.0 

Def\ect1ons (in) 
lY 0.25 0.27 0.19 0.49 
3¥ 0.23 0.28 0 .22 0.35 
SY 0.23 0.31 0.30 0.25 

Moments, section D (kip-ft) 
1 25 19 26 30 
2 30 32 33 49 
3 33 30 29 44 
4 37 34 28 39 
5 21 24 27 29 
Total 146 139 143 T9T 

Note: I kip= 4.448 kN, 1 kip-ft= 1.356 kN-m, l in= 25.4 mm. 

Table 6. Comparison of maximum live load 
experimental strains and stresses for straight, 
curved, and skew bridge models under truck 
and construction-vehicle loads. 

MOVING FORKLIFT TRUCK LOADINGS 

Item 

Experimental strains(µ in/in) 
Two-lane truck 

Straight 
Curved 
Skew 

Three-lane truck 
Straight 
Curved 
Skew 

Construction vehicle 
Straight 
Curved 
Skew 

Experimental stresses (psi) 
Two-lane truck 

Straight 
Curved 
Skew 

Three-lane truck 
Straight 
Curved 
Skew 

ConstrucUon vehicle 
Straight 
Curved 
Skew 

Note: t p~i = 0.006 895 MPa , 

For highway bridges, the most critical live loads 
are moving concentrated loads (such as heavy over
load construction vehicles) traveling across the 
bridge. Therefore, part of this investigation of 
vehicle loadings on a skew, continuous box-girder 
bridge consisted of a moving forklift truck posi
tioned at 50 selected points on the bridge deck in 
order to obtain general shapes of influence lines 
for different important design quantities. Selected 
influence lines for the total vertical and moment 
reactions at the west end abutment, as well as ver
tical deflections at the exterior girders of midspan 
section Y, are given in Figures 7 and B. 

From the general shape of these influence lines, 
the overall behavior of the bridge model under mov
ing loads can be deduced, but they should not be 
used to obtain numerical design quantities. Scaling 
factors obtained from extreme or midspan values were 
used on the theoretical data (shown in Figures 7 and 
Bi to account for stiffness deterioration due to 

Curved Skew Straight Curved Skew 

-2.5 -3 .2 -3 .0 -3.5 -2.5 
0.0 18.4 0.0 0 .0 -26.3 

27.7 24.5 28.6 28.9 30.5 
16.4 20.5 16 .2 15.9 15.2 
0.0 112 .5 0.0 o.o -51.6 

0.56 0.37 0.25 0.28 0.20 
0.39 0.25 0.35 0.43 0.38 
0.30 0.24 0.49 0.64 0.74 

41 43 29 21 34 
57 48 39 39 48 
40 32 44 42 49 
36 27 49 52 56 
25 25 30 36 58 

199 175 i9I i9o' 245 

Concrete Sections Steel Sections 

A 

59 
l 10 
116 

72 
138 
175 

135 
191 
249 

207 
297 
348 

276 
373 
525 

516 
516 
747 

8 c D A B c 

81 83 65 276 128 133 
67 70 83 221 l 23 125 

103 88 67 233 124 123 

l 23 119 100 334 202 201 
99 110 127 306 l 95 200 

145 129 98 365 l 85 183 

176 177 115 586 352 324 
154 155 178 565 303 324 
175 225 230 527 249 338 

235 241 249 8 030 3 710 3860 
178 186 254 6 080 3 380 3440 
309 264 201 6 450 ~ 440 3410 

351 346 383 9 980 5 850 5830 
263 292 387 8 420 5 360 5500 
435 387 294 10 100 5 130 5070 

510 514 440 17 000 10 200 9380 
408 411 543 15 500 8 330 8910 
525 675 690 14 600 6 900 9360 

cracking in the reinforced concrete model 
to allow a comparison of the general shape 
retical and experimental influence lines. 
factors and reference locations are also 
in Figures 7 and B. 

Influence Lines for Reactions 

D 

229 
197 
174 

369 
290 
340 

448 
450 
519 

6 690 
3 420 
4 820 

10 700 
7 980 
9 420 

13 000 
12 400 
14 400 

in order 
of theo

Scaling 
indicated 

Influence 1 ines for the west end reactions are de
picted in Figures 7a and b. For the vertical reac
tion, a remarkable agreement between experimental 
and theoretical values can be observed. It also 
should be noted that the scaling factors involved 
are very close to unity. 

Influence lines for the west end moment show 
close agreement for the north and center pass be
tween experiment and theory. The south pass fea
tures larger discrepancies in both general shape and 
scaling factor. The influence lines for the west 
end moment clearly show the influence of skewness of 
the bridge model, since the end moment directly in
fluences the important midspan design moment. In 
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Figure 7. Shapes of influence lines for west end reactions. 
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EA ST 

(a) TOTAL VERTICAL WEST END REACTION 

ClfRO[R • EAST 

(b) TOTAL WEST END MOMENT 

~'igure 7b, an end moment value below the reference 
axis indicates a beneficial reduction in the total 
midspan moment, while an end moment value above the 
reference axis shows an unfavorable increase in the 
midspan moment. Thus, from Figure 7b it can be 
clearly seen that as long as concentrated loads move 
along the center of the bridge or on the obtuse side 
of the span, the skewness of the bridge model has a 
beneficial effect on the design midspan moment, 
while the midspan moment for a concentrated load 
moving along the acute side of a span will be un
favorably influenced by the skewness of the bridge. 

Influence Lines for Midspan Deflections 

Influence lines for midspan deflections at lY and SY 
in the undiaphragmed span are shown in Figures Ba 
and b. Again, remarkable agreement can be noticed 
in the general shape of the experimental and theo
retical influence lines. A magnification factor 
between 1.5 and 2.0 is necessary to account for 
stiffness deterioration in the bridge model due to 
cracking of the concrete. 

The influence of skew is seen again when compar
ing displacement values at the obtuse and acute side 
of the span in Figures Ba and b, respectively. Al
though the displacements on the acute side of the 
span are generally larger for all load positions 
than corresponding displacements on the obtuse side 
of the span, a big increase in maximum midspan dis-
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Figure 8. Shapes of influence lines for vertical midspan deflections. 
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placements can be observed 
ver sely across the bridge 
the acute side of the span. 

SlMMARY AND CONCLUSIONS 

for loads shifting trans
from the obtuse side to 

The box-girder bridge model tested in this investi
gation clearly showed different behavior under vari
ous types of vehicle loadings than similar straight 
and curved bridge models, which can be attributed to 
the presence of skew end abutments and the skew cen
ter diaphragm. The influence of skewness depends 
largely on the type of loading and, more specifi
cally, on the location of load application on the 
skew bridge deck. 

The following conclusions can be drawn from the 
present investigation: 

1. In addition to the vertical end reaction, a 
skew bridge also features an end moment that acts 
along an axis perpendicular to the bridge axis, 
which directly influences the design total midspan 
moments. Concentrated loads on the acute side of a 
span result in an end moment reaction that increases 
the midspan moment, while all other load positions 
and distributed loads across the span produce an end 
moment that reduces the midspan moment favorably. 

2. The largest deflections under any vehicle 
load occurred at midspan at the acute side of the 
bridge loaded with a single overload class 2 con-
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struction vehicle at the same location. The maximum 
deflection observed for this load case gives a 
deflection-to-span ratio of 1/580, which is still 
quite small but substantially larger than the com
parable ratio for the similar straight bridge model 
of 1/870. However, the same load on the obtuse side 
of the span of the skew continuous bridge produced 
only a deflection-to-span ratio of 1/1170. 

3. The transverse distribution of maximum mo
ments to individual girders was found to be substan
tially different from the case where a uniform 
stress distribution is assumed across the section. 

4. Steel and concrete stresses produced by dead 
load and vehicle loads are lower than allowable val
ues for two- and three-lane AASHTO HS 20-44 trucks 
but slightly exceed the allowable values for one 
lane of proposed class 2 construction vehicles. 
However, all observed stresses were well below the 
proportional limit. 
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Evaluation and Verification of Time-Dependent Deformations 

1n Posttensioned Box-Girder Bridges 

HENRY G. RUSSELL, KWOK-NAM SHIU, WILLIAM L. GAMBLE, AND VERNON L. MARSHALL 

A 76.2-m (250-ft) span, constant-depth precast concrete posttensioned box
girder bridge was instrumented to measure longitudinal strain caused by ap
plied loads, posttensioning, creep, and shrinkage. Material properties of the 
concrete used in the instrumented span were obtained. Variation of compres· 
sive strength, elastic modulus, coefficient of thermal expansion, creep, and 
shrinkage with age of concrete were measured for specimens cured indoors 
and outdoors. Time-dependent deformations we re calculated by using a step
by-step numerical procedure that used detail ed construction records and mate
rial properties. Comparisons between measured and calculated deformations 
showed best agree ment when concrete properti es were based on specimens 
cured in an outdoor environment. However. good agreement was al so obtained 
when concrete data from laboratory specimens were used. This indicates that 
time-dependent deformations of box girders can be predicted by using the step
by-step numerical procedure with the physical properti es of laboratory speci
mens. 

Three posttensioned box-girder bridges have been 
instrumented by the Construction Technology Labora
tories of the Portland Cement Association to measure 
long-term deformations. The three bridges are Denny 
Creek Bridge in Washington, Kishwaukee River Bridge 
in Illinois, and Linn Cove Viaduct in North Caro
lina. Although the specific objectives of each 
project have been different, the overall objective 
has been to obtain information to verify design and 
analysis procedures for time-dependent effects in 
posttensioned box-girder bridges. This paper con
centrates on the research program that was performed 
in connection with the Kishwaukee River Bridge. The 
specific objective of the project was to verify a 
step-by-step numerical procedure for calculating 
time-dependent deformations in segmental box-girder 
bridges constructed by the cantilever method. 

HIGHLIGHTS 

Kishwaukee River Bridge, which is located near Rock
ford, Illinois, consists of twin constant-depth pre
cast concrete post tensioned box-girder bridges. 
Each bridge has five spans that measure 51.8 m (170 
ft) for the end spans and 76.2 m (250 ft) for the 
three interior spans. The bridge was constructed by 
using the balanced-cantilever method with a launch
ing girder. A cast-in-place section was used to 
complete each span. 

Three cross sections of one bridge span were in
strumented during construction. Instrumentation was 
installed to measure longitudinal strains caused by 
applied loads, posttensioning, creep, and shrink
age. Instrumentation was installed before the pre
cast segments were cast. 

In parallel with the field investigation, proper
ties of the concrete used in the instrumented seg
ments were measured from concrete cylinders obtained 
in the field. Variation of compressive strength, 
elastic modulus, coefficient of thermal expansion, 
creep, and shrinkage with time were measured. Spec
imens were cured under both constant temperature and 
humidity and under field conditions. 

Deformations of the instrumented segments were 
calculated by using a step-by-step numerical proce
dure developed at the University of Illinois, Ur
bana. The procedure accounted for important param
eters that influence th e time-dependent behavior of 
segmental bridges. 

Comparisons were made between calculated deforma
tions and those measured on the structure. Good 

agreement was obtained for calculations that used 
properties of the concrete that was stored outside. 

KISHWAUKEE RIVER BRIDGE 

The Kishwaukee River Bridge, shown in Figure 1, is 
located in Winnebago County, about four miles south 
o f Rockford, Illinois. When completed, it will 
carry four lanes of US-51, which serves as a major 
north-south highway. The Kishwaukee River Bridge 
consists of two identical parallel bridges spanning 
about 30 m (100 ft) above the heavily wooded 
Kishwaukee River Valley. Each bridge has three main 
spans of 76.2 m (250 ft) and two end spans of 51.8 m 
(170 ft) for a total length of 332 m (1090 ft). 
Arrangement and elevation of the spans are shown in 
Figure 2. 

The Kishwaukee River Bridge is a continuous 
single-cell box girder made with precast concrete 
segments. Overall cross-sectional dimensions of a 
midspan segment are shown in Figure 3. Except for 
those over the piers, each segment has a length of 
2.1 m (7 ft). Pier segments have a diaphragm, a 
thicker soffit, and are shorter in length. Each 
main 76. 2-m span is made up of 34 precast segments 
with 1 cast-in-place closure segment at midspan. 

Posttensioning ducts are located in the top and 
bottom slab of the box section. The top slab is 
prestressed both transversely and longitudinally. 
Matching alignment keys are located in the webs and 
the top slab to facilitate erection. 

Threaded 32-mm (1.25-in) diameter posttensioning 
bars were used as longitudinal tendons. Mechanical 
couplers were used to connect bars. Each span was 
constructed by cantilevering out from the main 
piers. A launching girder was used to position the 
segments. Temporary longitudinal posttensioning was 
applied to hold segments together during construc
tion. A cast-in-place segment closed each span so 
that all spans were continuous for live load. 

FIELD MEASUREMENTS 

Three segments in the southbound lane bridge of a 

Figure 1. Kishwaukee River Bridge. 
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Figure 2. Elevation and plan of Kishwaukee River Bridge. 

SOUTH 
ABUTMENT 

Figure 3. Segment dimensions and locations of strain measurements. 

Figure 4. Location of instrumented segments. 

t. 
I 

NORTH 

76. 2-m span (shown in Figure 2) were instrumented. 
Segments were designated as SBl-Nl, SB1-N9, and 
SB1-Nl6. The segments were located next to the pier 
support, at quarter span, and near the center of the 
span, respectively. Locations of instrumented seg
ments are shown in Figure 4. 

Measurements of longitudinal strains, vertical 
deflections relative . to the pier, and surface tem
perature of concrete were made in each instrumented 
segment. Installation of field instrumentation was 
completed in 1978. 

Longitudinal strains were measured with a Whitte
more mechanical strain gage (ll and 24 Carlson 
strain meters. Locations of Whittemore gage mea
surements and installed Carlson strain meters are 
indicated in Figure 3. The Whittemore strain gage 

(250') (250') 

BOUND LANES 

(250') 

NORTH 

ABUTMENT 

67 

12 .5 m (41' '..o· i 

(20'-sY," l 
63m 

3.45 m 
(11'-4") 

X ' WHITTEMORE STRAIN GAGE 
MEASUREMENT 

•' CARLSON STRAIN METER 

measured the surface strain of concrete. The Carl
son meter readings gave internal concrete strains 
and temperatures. Both Carlson strain meters and 
Whittemore strain gage readings yielded consistent 
and similar results. In this paper, only data from 
the Carlson strain meters are discussed. 

MATERIAL PROPERTIES 

Proper ties of the concrete used in the instrumented 
segments were determined from tests of concrete 
cylinders made at the precasting plant. Thirty-five 
152x305-rnrn (6xl2-in) concrete cylinders were used 
for each bridge segment. Cylinders were steam-cured 
alongside the segments before shipping to Construc
tion Technology Laboratories for tests. After ar
rival, the cylinders were cured either under a con
stant temperature of 23°C (73°F) and 50 percent 
relative humidity or under outdoor conditions. 

Physical property tests were conducted to deter
mine the variation of compressive strength (ASTM 
C39-72), modulus of elasticity, Poisson's ratio, and 
coefficient of thermal expansion with time. Physi
cal properties of the concrete at different ages are 
summarized in Table 1. 

Creep tests of cylinders cured under a constant 
temperature of 23°C and 50 percent relative humidity 
were initiated at three different concrete ages. 
All creep cylinders were subjected to a constant 
stress of 13.8 MPa (2000 psi). Tests were conducted 
according to AS'IM C512-74. Similar creep tests for 
cylinders cured outside were started at a concrete 
age of 28 days. Whenever creep readings were made, 
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Table 1. Concrete properties. 

Segment 

SBl-Nl 

SBl-N9 

SBl-Nl6 

Olring 
Environment 

Cont ro lled 

Outdoor 

Controlled 

Outdoor 

Controlled 

Outdoor 

Age 
(days) 

28 
180 
360 

28 
180 

28 
90 

180 
360 

28 
90 

180 

28 
90 

180 
360 

28 
180 

Note: J MPa = 145 psi, t°C=(t°F- 32)/1.8. 

Figure 5. Specific creep versus time . 
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companion shrinkage readings of concrete were taken. 
Variation of specific creep of concrete with time 

for each segment is shown in Figure 5. Specific 
creep is defined as the amount of creep strain under 
unit stress in millionths per newton per square mil
limeter. Concrete shrinkage was excluded from the 
creep strain readings. Different curves in the fig
ure represent specific creep of concrete loaded at 
different ages. For outdoor specimens, creep read
ings were adjusted back to 23°C for comparison. 
Specific creep of outdoor specimens was found to be 
lower than for those cured under the controlled en
vironment. This relation is shown in Figure 5. 

Shrinkage measurements of concrete cylinders 
began seven days after casting. A comparison of the 
data for specimens cured at constant temperature and 
under the outdoor environment is shown in Figure 6. 
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Compressive Modulus of Coefficient of 
Therm al Expan~ion 
(millionths/"C) 

Strength, f~ Elasticity, E Poisson's 
(MPa) 

39.2 
43 .0 
40 .9 
39.6 
44.5 

42 .7 
41.9 
44.5 
41.1 
41.9 
44.9 
44.5 

39.6 
42 .3 
43.4 
41.9 
32.2 
42.8 

(MPa) 
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3 1 000 
30 400 
29 000 
31 200 

30 800 
31 900 
32 800 
3 l 200 
31 800 
32 500 
31 600 

30 500 
32 800 
30 400 
31 200 
28 900 
29 200 

Ratio 

0.15 
0. 15 
0. 13 
0. 15 
0.15 

0. 16 
0. 15 
0.15 
0.14 
0. 14 
0. 1 s 
0.14 

0. 15 
0.15 
0 ,15 
0. 14 
0. 14 
0. 15 

9.63 
9.86 

9,86 
10.26 
l 0.1 3 

10. l 7 
10.5 3 
l 0.49 

Figure 6. Shrinkage versus time. 

~ 

.t: 

'C 
~ 
'§ 
c:' 

·~ 
(ii 

"' "' .. 
"" ·= ..c 
"' 

1979 1980 

Sept Jonuo~pril July Sept January Apri l July 
750 

Segment S81 - NI 

500 

500 

500 

250 

0 

----r-'- -- Outdoor 

--
Segment S81- N9 

-----/ ___ _ 
Outdoor 

Segment SB I - N 16 

--,,-'"-_ -- Outdoor 

/ 

/ 
/ 

January 
Sept 

0 200 400 600 800 1000 

Time, days 

CALCULATED DEFORMATIONS 

The time-dependent deformations of the bridge were 
calculated by using a step-by-step numerical pro
cedure (2). Total shortening was considered to 
include instantaneous deformation, shrinkage defor
mation, and creep deformation. The analysis ac
counted for effects of concrete material properties, 
relaxation of prestressing steel, member thickness, 
elastic recovery, age of loading, and creep of con
crete under a variable stress history. Size correc
tion factors were based on Comite Europeen du Benton 
(CEB) recommendations (3). The actual casting and 
erection schedule of the segments was followed. 
Further details are given elsewhere (l,). 

Analyses were performed for three different sets 
of material properties. In analysis 1, exper imen-
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Figure 7 . Comparison of measured and calculated strains for segment SB1-N1 . 
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tally determined properties of the concrete speci
mens stored outdoors were used. Analysis 2 was per
formed by using material properties determined from 
the laboratory-cured specimens. For analysis 3, the 
recommendations of CEB (~) were used to generate 
material properties. Relative humidity was assumed 
to be 50 and 80 percent for creep and shrinkage, 
respectively (_i). 

COMPARISON OF RESULTS 

Calculated strains were compared with measured 
strains to determine the effectiveness of the ana-
lytical procedure. Detailed comparisons are pre-
sented elsewhere (1_) • Comparisons of measured 
strains with strains calculated from the three 
analyses for segment SBl-Nl are shown in Figure 7. 
The best agreement was obtained with analysis 1, 
which used the concrete material properties of spec
imens stored outdoors. Good comparison was obtained 
with analysis 2, which used material properties of 
laboratory-cured concrete cylinders. In analysis 3, 
calculated strains were consistently smaller than 
the measured values. 

The comparison of measured and calculated strains 
by using analysis 1 for segments SB1-N9 and SB1-Nl6 
is shown in Figure 8. Good agreement was obtained. 
Similarly, good agreement between measured and cal
culated strains was obtained for analysis 2. This 
shows that time-dependent deformation of the box 
girder can be adequately estimated by using material 
properties obtained from laboratory-cured concrete 
cylinders. 

CONCLUSIONS 

Co mparisons of calculated and measured deformations 
on the Kishwaukee River Bridge were made. Excellent 
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Figure 8. Comparison of measured and calculated strains. 
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agreement was obtained when concrete material prop
erties were based on specimens stored outdoors. 
Reasonable comparison was also obtained when mate
rial properties based on laboratory-cured specimens 
were used. The analytical procedure therefore pro
vides a suitable method for predicting time
dependent deformations in post tensioned box-girder 
bridges. Time-dependent behavior of box girders can 
be estimated by using standard laboratory data. 
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Load Capacity of Concrete Bridge Decks 
DAVID B. BEAL 

The behavior of two reduced-scale concrete bridge decks subjected to simulated 
wheel loads was evaluated in a series of tests. One slab was reinforced in ac· 
cordance with American Association of State Highway and Transportation Of· 
ficials requirements and the other had three areas with varying amounts of 
isotropic reinforcement. Results show that with either reinforcement pattern, 
service load bending moments are from 40 to 65 percent of those predicted by 
flexural theory. Failures were by punching shear rather than flexure and oc
curred at loads at least six times larger than design . 

The need to determine the influence of heavily 
loaded, closely spaced wheels and axles on rein
forced concrete bridge decks prompted the New York 
State Department of Transportation (NYSOOT) to ini
tiate an analytical study of bridge deck behavior in 
1977. The products of this study were charts that 
permitted the determination of the induced bending 
moment in decks due to any pattern of wheel loads 
(1). During the course of the research, more evi
d~nce became available [which culminated in the pub
lication of the Ontario Highway Bridge Design Code 
(2) J that the failure mode of reinforced concrete 
bridge decks was punching shear and not flexure as 
assumed in design. Because of this evidence, the 
study reported here was started to investigate the 
ultimate capacity of bridge decks. 

The Ontario bridge deck design resulted from ex
tensive physical and analytical research (_l). This 
work demonstrated that not only is the failure mode 
of reinforced bridge decks different from that his
torically assumed, but that the load capacity is 
substantially greater than necessary for safety. 
The enhanced behavior of bridge decks is explained 
by hypothesizing large in-plant compressive forces 
that result from the restraint of deck expansion 
under load. These compressive forces form an in
ternal couple that enhances the flexural capacity of 
the deck to a level such that punching shear failure 
controls. Subject to certain restrictions on span 
length, slab thickness, and detailing of diaphragms 
and shear connectors, Ontario per mi ts an empirical 
slab design that has a minimum of 0.3 percent iso
tropic reinforcement in each face. For a 9-ft slab 
span, this represents a reduction in reinforcement 
of 43 percent from that now required by New York 
State standards (4). 

In addition t;;- the savings that result from the 
reduction of steel, benefits may acer ue from th is 
empirical design by reducing fabrication costs and 
deck deterioration due to reinforcement corrosion. 
The reinforcement can be standardized over the nor
mal range of girder spacings and has the potential 

benefit of modular prefabrication. Reinforcement 
corrosion is alleviated because the cover on the top 
steel can be increased without an increase in slab 
thickness. In addition, the reduction in bar size 
increases the important cover-diameter ratio (2). 

The objective of the work described in this paper 
was to collect data on bridge slab capacity with 
different reinforcement schemes. This work was 
accomplished with several reduced-scale models that 
are described in detail in the complete report (_§). 

EXPERIMENTAL WORK 

Two reinforced concrete bridge decks were con
structed to study behavior under working loads and 
at failure. Model 1, which represents the current 
standard bridge deck design (i), was included to 
demonstrate the great reserve capacity of that de
sign and to provide a standard of comparison with 
alternative designs. The 8.5-in-thick slab was 
reinforced with No. 5 bars in the longitudinal and 
transverse directions. Longitudinally, the top 
layer of bars was spaced at 18 in and had the bottom 
layer spaced at 7. 75 in in the middle half of the 
slab span and at 18 in elsewhere. Both layers of 
transverse steel were spaced at 5.25 in. 

Model 2 represented an 8-in-thick deck that has 
three different isotropic reinforcement patterns 
comprised of No. 4 bars. Two layers at 8-in spacing 
represented current Ontario practice (l). A single 
layer at 8 in was used because of the construction 
benefits to be gained if this pattern could be 
adopted. Two layers at 12-in spacing were used to 
represent the minimum reinforcement now permitted 
(7). In addition, an unreinforced section was in
cluded to demonstrate the inherent strength of con
fined concrete slabs. Both models were constructed 
to a linear scale factor of 5.9 and were based on a 
five-girder, 72-ft simple-span bridge, which is rep
resentative of composite highway structures now be
ing built. Details of model materials and construc
tion details are given in the full report ~). 

Electrical-resistance strain gages were mounted on 
the rebars and deflection at the center of the slab 
was measured. 

TEST RESULTS 

Each instrumented section of the model slabs was 
subjected to test loads for two distinct purposes: 
(a) determination of the distribution of bending 
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Figure 1. Model 1 transverse moment coefficients. 
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Figure 2. Model 2 interior-panel transverse moment coefficients. 
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moment and (b) determination of failure load. 
Uncracked- and cracked-slab testing was per

formed. The uncracked-slab testing of model 1 pro
vided data for comparison with results from a test 
on a prototype structure. The transverse rebar 
stresses determined in these tests showed good cor
respondence in trends. The absolute magnitudes dif
fered because of physical differences between model 
and prototype. 

The cracked-slab testing was considered more im
portant, since steel strains are more sensitive to 
bending moment, and the slab would be in this condi
tion under overloaded vehicles. The slabs were 
cracked by loading repeatedly at points surrounding 
the instrumented section until a linear load-strain 
response was obtained in the transverse rebars. 
Loads of 5000 and 3000 lb were required on models 1 
and 2, respectively, to achieve a nominal rebar 
strain of 1400 µin/in. 

Figures 1 and 2 show typical responses for models 
1 and 2, respectively [curves and Bmax values 
from Beal (lll. These results are compared with the 
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Figure 3. Punching failure on model 1. 

results from an elastic analysis (ll. The experi
mental values of moment coefficients are generally 
less than the theoretical values. The maximum pre
dicted value is 0.2 compared with average experi
mental results of 0.126 and 0.074, respectively. 
Under service load, the maximum stress in the trans
verse rebars was less than B .3 ksi for convention
ally reinforced slabs and less than 11.7 ksi with 
isotropic reinforcement. 

Failure loads were applied through either a 
l.69x4.07-in or l.69xl.69-in pad. The smaller pad 
was used more frequently because load levels con
trolled by yield strength of the steel beams were 
generally reached before slab failure with the 
larger pad. For some tests, auxiliary supports were 
used to control beam stresses • 

In general, the failure mode at all locations 
bounded by longitudinal girders was punching shear 
(Figure 3). The intersection of the failure surface 
with the tension face of the slab was elliptical and 
had average major and minor axes of 14 and 12 in, 
respectively; this face was extensively cracked. 
The failure at the top surface was only slightly 
larger than the load pad. Slab deflection at fail
ure never exceeded 10 percent of the slab thickness. 

A total of 15 failures were produced in the model 
1 deck and 13 failures in model 2. Excluding tests 
with oversized load pads, the average equivalent 
prototype failure loads are 260 and 300 kips for the 
fascia and interior panels of model 1, respec
tively. For model 2, the failure loads varied, 
depending on the type of reinforcement and slab 
boundary conditions. The failure load exceeded 130 
kips (six times the design wheel load) in all cases. 

In addition to the tests on the reinforced sec
tion, the unreinforced section was tested and sus
tained an equivalent prototype load of 175 kips 
before loading was stopped because the cracking was 
propagating toward the reinforced section. In later 
tests, other load points on the unreinforced slab 
sustained loads of 70 and 100 kips, respectively. 

ANALYTICAL PREDICTIONS 

An analytical procedure to predict the punching 
shear capacity of reinforced concrete bridge decks 
has been developed by Hewitt and Batchelor (_§) based 
on a theory of punching shear behavior proposed by 
Kinnunen and Nylander (2). A computer program was 
prepared based on this procedure. 

Kinnunen and Nylander (2) predicted the capacity 
of circular slabs by hypothesizing the existence of 
a conical shell of concrete extending from the 
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loaded surface of the slab to the bottom of the 
shear crack. Hewitt and Batchelor (8) extended this 
theory to include boundary restrai-;;ing forces and 
moments in the plane of the slab. Results from the 
computer program prepared for this work were satis
factorily compared with their results. 

The capacity of the three reinforcement patterns 
for model 2 interior panels was predicted by this 
theory. A restraint factor of 0 .5 was assumed. In 
all cases the analytical value was less than the 
average test load. The analysis does not include 
the boundary force contribution of compression rein
forcement, and thus single and double mats are pre
dicted to have the same strength. A 1000-lb dif
ference in test capacities of the single and double 
mats indicates that compression reinforcement does 
make a significant contribution to load capacity. 

PRACTICAL APPLICATIONS 

Before implementation of a bridge deck design that 
incorporates reduced reinforcement, many questions 
must be resolved. First, strength criteria must be 
established to ensure safety. Because of the sud
denness of the punching failures, load factors must 
be more conservative than values selected when 
yielding failures are expected. Second, the minimum 
acceptable reinforcement amount that satisfies both 
strength and serviceability (i.e., temperature and 
shrinkage) must be determined. Third, the behavior 
of the new design under common but nonstandard con
ditions must be determined. For example, Is ade
quate performance achieved without shear connectors 
or in negative-moment regions where the slab is in 
longitudinal tension? Finally, reinforcement de
tails for the fascia overhang must be developed to 
ensure adequate performance. 

Three important benefits could accrue if an iso
tropic deck reinforcement pattern were adopted. 
First, average reduction in steel quantities over 
current design requirements is estimated at 53 per
cent for double-mat reinforcement (No. 4 at 12 in). 
Second, savings in fabrication costs can be expected 
due to standardization of the reinforcement pattern 
and reduction in the number of bars. Third, rebar 
corrosion will be alleviated due to smaller bar 
diameter and increased cover. 

SUMMARY AND CONCLUSION 

Tests on reduced-scale reinforced concrete bridge 
decks have demonstrated that the service load stress 
levels predicted by existing design procedures and 
methods based on elastic isotropic thin plates do 
not develop in bridge decks of ordinary propor
tions. The maximum induced stress in a convention
ally reinforced deck subjected to the design load of 
20 .8 kips was only 8.3 ksi. Tests on model bridge 
decks that have substantially less reinforcement 
than is ordinary caused stresses no greater than 
11. 7 ksi at the design load. Comparison of induced 
moments also showed that measured values are less 
than predicted. The maximum ratios of measured to 
theoretical induced moment were 0 .65 and 0 .62 for 
the conventional and lightly reinforced decks, re
spectively. Based on these results, it is concluded 
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that even a 100 percent increase in the weight of 
wheel loads would not overstress the deck reinforce
ment and, accordingly, no methodology is needed to 
predict induced stress that results from the passage 
of occasional overload permit vehicles. 

Tests to failure resulted in capacities always 
larger than six times the design wheel load for 
slabs bounded by girders, regardless of the rein
forcement pattern. In addition, with the exception 
of two locations where the reinforcement was mis
placed, all failures were by punching. Thus, reduc
tions in total reinforcement of 30 to 53 percent had 
no effect on failure mode and did not reduce the 
strength below a safe level. 
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Fatigue Reliability Analysis of Highway Bridges 

PEDRO ALBRECHT 

A method of calculating the expected fatigue failure probability of a struc
tural detail, given the distribution of resistance and load, is presented. The re
sistance data, in terms of cycles to failure, come from previous laboratory 
tests. The load data come either from stress-range histograms recorded on 
bridges or from loadometer surveys. The proposed method replaces each 
histogram by an equivalent stress range and converts the latter into a distribu
tion in terms of number of cycles. The problem is thus cast into the standard 
format for reliability analysis and allows one to calculate failure probabilities. 
Application of the method to designs in accordance with American Association 
of State Highway and Transportation Officialsspecifications showed that 
fatigue failure probabilities for redundant load· path IR LP ) mucturcs aro in· 
consistent and vary greatly from PF m 9.2 >< 10"2 for category B to PF ~ 9.2 
x 10·10 for cuegory e· and for nonredundant load-path (NRLP) structures 
from PF • 5, 1 x 10·2 for cat.egory A to PF ~ 2. 1 x 10"22 for category E. It is 
proposed that the specifications be revised to include (a) allowable stress ranges 
for R LP and NR LP structures with uniform failure probabilities; (b) explicit 
formulation of the specifications in terms of the actual number of single . 
fatigue trucks, each causing an equivalent stress range; and (c) continuous def· 
inition of allowable stress range versus truck traffic volume. An example ii· 
lustrates the design of a bridge not covered by the specifications to a specified 
failure probability . 

Design methods based on statistical reliability 
concepts have recently been developed for many areas 
of static design of members and connections. Code
wr i ting bodies are now incorporating them into their 
specifications to ensure consistent reliability 
throughout the structure. Still lacking is a reli
ability method for fatigue that can then be used as 
a basis for a load and resistance factor approach to 
fatigue design. The present study addresses this 
need. 

This paper briefly reviews the equivalent stress 
range and the reliability concepts needed herein. 
Thereafter, the load and resistance curves are 
constructed and transformed in a manner suitable for 
writing the governing equations. The failure prob
ability of designs to American Association of State 
Highway and Transportation Officials (AASHTO) fa
tigue specifications are assessed, and an illustra
tive design example is presented for a special 
bridge not covered by the AASHTO specifications (ll· 
The previous work (~) is extended to cover designs 
for over 2 million cycles and nonredundant load-path 
(NRLP) structures. 

EQUIVALENT STRESS RANGE 

Recent studies have employed, with good success, the 
concept of an equivalent stress range to correlate 
data from variable amplitude cyclic-load tests with 
data from constant-amplitude tests. The concept 
states that, for an equal number of cycles, the 
equivalent (constant-amplitude) stress range will 
cause the same fatigue damage as the sequence of 
variable-amplitude stress ranges it replaces. For 
convenience of applying the concept later in the 
paper, the equivalent stress range Cfrel is ex
pressed in the following form Cll= 

r,. = [~'Y;(</J;af,d)ffi] 1/m 

where 

Yi frequency of occurrence of ith stress 
r angei 

$i ratio of an individual load to the de-

(!) 

sign load, or ratio of corresponding stress 
ranges; 

a ratio of measured to computed stress range 
for the design load; 

frd computed stress range that corresponds to 
the design load; and 

m slope of S-N curve 

Figure 1 illustrates the meaning of the parameters 
in Equation 1 for a typical stress-range histogram 
(note for Figure 1 that if detail is designed to the 
allowable stress range, then frd = Fsrl. 

Because frd and a are constant for a given 
stress-range histogram, taking them out of the 
summation in Equation 1 gives 

(2) 

or 

(3) 

where p is defined in this paper as 

(4) 

The equivalent stress-range concept is needed in 
calculations of the fatigue failure probability of 
structures subjected to variable amplitude stress 
cycling. 

BASIC RELIABILITY CONCEPTS 

The reliability concepts employed in this paper are 
well documented in the literature (3). Structural 
reliability can be defined as the probability that a 
structural component will not fail within its design 
1 ife. In other words, it is the probability that a 
member's resistance to load is higher than the 
applied load. In deterministic design, one assumes 
a high value of load and a low value of resistance 
and specifies that the distance between the two 
shall not be less than a preselected safety factor. 
In probabilistic design, one recognizes that neither 
the resistance (R) nor the load (Q) are single 
valued; both have a mean and a distribution, The 
objective is then to compute the probability of 
failure, i.e., the likelihood of the undesirable 
cases where a high value of load will exceed a low 
value of resistance. Conversely, for purposes of 

Figure 1. Illustration of terms in Equations 1 and 3. 
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writing fatigue design specifications, one wishes to 
determine the distance between the mean resistance 
and the mean load (i: = R - Q), so that the failure 
probability (Pp) does not exceed a specified 
value. This is done with the equation for the 
safety index (B): 

13 = (r/sT) = (R - Q)/../ sfi. ·~ s'{; (5) 

where the difference (i:) between mean load and 
mean resistance is equal to a number (B) of stan
dard deviations of that difference (s,). If 
load and resistance are normally distributed, so is 
their difference, and the value of B that corre
sponds to a specified failure probability can be 
read from tables for the standard normal variable. 

Note that increasing the safety index (B) will 
decrease the failure probability. This can be 
achieved e'l.ther by moving the mean load (Q) farther 
away from the mean resistance (R) or by reducing the 
standard deviation. The second option is usually 
not available in most designs. 

When applying Equation 5 to fatigue design, the 
resistance is given by the number of cycles to 
failure and the load is given by the applied stress
rang·e history. This leads to two difficulties. One 
is the need to find a mean and standard deviation of 
many stress-range histograms, each of which de
scribes in itself a distribution of stress ranges. 
Second, the resistance data, which consist of the 
number of cycles to failure, are distributed along a 
horizontal line in a S-N plot, but the stress-range 
data are distributed along a vertical line. The 
following solution to the two difficulties is 
proposed: 

1. Replace each histogram by one equivalent con
stant-amplitude stress range, 

2. Calculate the mean and standard deviation of 

Figure 2. Construction of equivalent stress-range distribution. 
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Table 1. Resistance curve parameters. 

Category 

A 
B 
c• 
c 
D 
E 
E' 

Tyre of Detail 
Tested 

Rolled beam 
Welded bea m 
Stiffeners 
2-in attachments 
4-in attachments 
Cover plak end 
Cover plate end. 

t > 0.8 in 

No l~: I in = 25 111111. 
0Valucs or rr suhstituted in units of ksi. 
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all equivalent stress ranges, and 
3. Convert the resulting distribution of equiva

lent stress ranges into one given in terms of number 
of cycles. 

The problem is then reduced to the form to which 
Equation 5 applies. 

RESISTANCE CURVE 

The AASHTO fatigue specifications (ll are based on 
constant-amplitude fatigue test data for steel beams 
(~ 12>· The statistical analysis of the S-N data has 
shown that the mean regression line with the best 
fit was of the log-log linear form: 

log N = b - m log f, (6) 

with the intercept {b[at fr 1 ksi (7 MPa)] }, 
and the slope (m) as the regression coefficients. 
The log-log plot of Equation 6 gives a straight S-N 
line, which is labeled resistance in Figure 2. The 
data points were found to be log-normally dis tr ib
uted about the mean regression line with about equal 
standard deviation at all stress-range levels. This 
held true for all details. Thus, one may assume 
that for any point (f) on the mean regression line, 
the fatigue life of replicate specimens tested at 
the same stress range would be log-normally distrib
uted about that point with mean R = log N and stan
dard deviation, i.e., 

The mean and the standard deviation of the number of 
cycles to failure define the resistance. 

The regression coefficients (b and m) and the 
standard deviation (sR) for the six categories A 
through E' are summarized in Table 1 (~-]). They 
provide the resistance curve parameters needed in 
Equation 5. The data listed under categories C and 
E' require some explanation. In the AASHTO specifi
cations, category C covers both transverse stif
feners and 2-in (50-mm) attachments. The mean 
regression line of the former falls higher than that 
of the latter, thereby making it appear that the 
2-in attachment data would govern. In reality, one 
must also consider the standard deviation, which is 
about 2.5 times larger for stiffeners than for 2-in 
attachments. This creates a peculiar situation. If 
one moves· to the left of each mean by up to 2. 56 
standard deviations, the 2-in attachment governs. 
Beyond that, however, the transverse stiffener data 
become critical. Accordingly, this study employs 
that data for category C that governs at the value 
of B being considered. In contrast, the AASHTO 
fatigue specifications are solely based on the 2-in 
attachment data, although safety indices for cate
gory Creach a value of 7.12 for NRLP structures (~). 

Regressio n Coefficients 
No. o f Data Points Standard 

Deviation 
(sR) lncluJed 

28 
55 

135 
14 
44 

193 
18 

Excluded 

16 
l 
5 
0 
8 
0 

Int ercept" 
(b) 

I I.I 21 
10 .870 
10 .085 
10.0384 
9.603 
9.2916 
9.1664 

Slope (m) 

3.178 
3.372 
3.097 
3.25 
3.071 
3.095 
3.2 

0.221 
0 .147 
0. 158 
0.0628 
0.108 
0.1006 
0.1943 
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Table 1 also has an entry for category E', al
though no regression analysis was reported <1l, 
presumably because of a lack of data at various 
stress-range levels in the finite life region of the 
S-N plot. For the purpose of this study, the finite 
life region for category E' details was defined by 
the 18 data points at the 8-ksi (55-MPa) stress 
range for which the mean life was 1 890 000 cycles, 
and it had a standard deviation of log of life of 
sR = 0.1943 (~). Assuming a slope (m = 3. 2) equal 
to the mean of the six other slopes in Table 1, the 
intercept is then given from Equation 6 as 

b = log(l .89 x 106
) + 3.2 log(8.0) = 9 .1664 (8) 

LOAD CURVE 

The load-curve data can come either from field 
measurements of stress-range histograms or from 
loadometer surveys. In the former case, the strain 
ranges caused by the applications of a live load are 
obtained from a strain gage mounted at a suitable 
point on the bridge. In the latter, the trucks are 
weighed. In both cases, the results are usually 
reported as a histogram of stress range or truck 
weight versus frequency of occurrence. 

The proposed construction of the load curve is 
illustrated below for a class of comparable struc
tures, all of which are subjected to the same design 
load. For example, the fatigue design of short-span 
highway bridges is governed by the number of single 
truck crossings. Each application of the design 
load induces one stress-range cycle. It is assumed 
that one has available the stress-range histograms 
recorded on several bridges. 

The construction of the load curve begins with a 
single stress-range histogram, such as the one 
plotted along the ordinate in Figure 2. The bar 
width in a histogram is usually constant; it varies 
in Figure 2 because the S-N plot scales are loga
rithmic. The equivalent stress range (frel of the 
single histogram is then calculated. It replaces 
the histogram in subsequent calculations and pro
vides one point for the desired load curve. Plotting 
the distribution of all equivalent stress ranges on 
a vertical line through the design point (d) gives 
the load curve. To define its distribution, one 
needs the mean and the standard deviation. Assuming 
that the ratio of measured to computed stress range 
(a) is constant implies that afrd is also 
constant. Therefore, the computation of the log 
mean of all equivalent stress ranges is reduced to 
evaluating the log-mean of p for all histograms 
(see Equation 3): 

(9) 

where h is the number of histograms. The standard 
deviation · of the load is then given by the standard 
deviation of the log p values: 

(10) 

The pr i me added to SQ' and to any other symbol 
indicates a quantity measured along a vertical 
line. The line through the design point (d) drawn 
parallel to the resistance and the standard devia
tion of the equivalent stress ranges define the 
load. The load curve could be derived in analogous 
fashion from the results of loadometer surveys if 
one assumes that loads are proportional to stresses. 

Estimation of the load curve is less certain when 
the structure is one of a kind and few data are 
available. In that case, one must construct an 
expected load histogram over the design life, com
pute the equivalent stress range for that histogram, 
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and estimate the standard deviation. 

TRANSFORMATION OF LOAD AND RESISTANCE 

Equation 5 applies only if the load and resistance 
curves are plotted side by side with the same base 
line. The load is distributed along a vertical line 
through the design point (d) shown in Figure 2, 
whereas the resistance is distributed along a hori
zontal line through the failure point (f). One of 
the two curves must, therefore, be transformed. 

Albrecht (2) presented the transformation of the 
load curve, whereas this paper explains instead the 
transformation of the resistance curve in terms of 
self-evident geometrical relations. Figure 3 shows 
the solid resistance line and two dashed lines 
shifted above and below the mean resistance by a 
specified number of standard deviations, so that the 
survival probability (assuming a single-valued load) 
would be, say, 5 percent and 95 percent, respec
tively. The distribution of the resistance is drawn 
along a horizontal line through point f and also 
along a vertical line through point g. In both 
cases, the points with the same survival probability 
must lie on the same line parallel to the mean 
resistance. Because the slope is l:m, it follows 
for reasons of geometry that 

(11) 

where sR and sR' are the standard deviations of 
the resistance when its distribution is drawn about 
a horizontal and a vertical line, respectively. For 
the same geometrical reasons, the distance between 
the mean resistance and the mean load, measured 
along the vertical line g-d, is given by 

R' - Q'= (1/m)(R- Q) (12) 

Rewriting Equation 5 for the distance g-d and sub
stituting Equations 11 and 12 gives 

(13) 

or, after simplifying 

(J = (R - Q)/V(sR)2 + (ms0)2 (14) 

Equation 13 applies to distributions of load and 
resistance along a vertical line through points d 
and g, respectively. It requires a 90-degree rota
tion of the resistance distribution, which decreases 
the standard deviation by a factor (m) in accordance 
with Equation 11. The load remains unchanged. 

Figure 3. Transformation of load and resistance. 

Fi' SURVIVAL PROBABILITY 

• L05 N 

NUMBER OF CYCLES 
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Equation 14 applies to distributions along a 
horizontal line through points d and f. In this 
case, the load distribution is rotated by 90 de
grees, thus increasing its standard deviation to 
sQ msQ'• which is compatible with the geo
metrical condition stated in Equation 11. The 
resistance remains unchanged. Both equations give 
the same result for a. 

Finally, subs ti tu ting the identities R = log N 
and Q _ log Nd into Equation 14 and using the 
abbreviation for the standard deviation of the 
difference between the resistance and the load: 

(15) 

Using the above equation yields the safety index for 
fatigue design: 

(J6) 

The terms sR and sQ' are given by Equations 7 
and 10, respectively. The failure probability that 
corresponds to any numerical value of a can be 
read from tables for the normal distribution. 

Equation 16 addresses the problem of computing 
the failure probability for a given design. The 
solution to the reverse problem, that of computing 
the design life (Nd) for a desired failure prob
ability, follows from the same equation: 

Jog Nd= log N -{3sT (17) 

On subs ti tut ion of N from Equation 6 with fr 
Fre• one gets 

log Nd= (b - {JsT) - m Jog F,e (18) 

or, taking the antilog: 

The mean safety factor (F.S.) on life is, from 
Equation 17 : 

(20) 

and that on stress range: 

(F.S.)r, = (F.S.)N L/m = IO~sT/m (2J) 

For a fixed value of a, the safety factors vary 
with type of detail because the standard deviation 
of the resistance (sR) varies. 

In summary, Equations 16 and 19 
index and the allowable number of 
tively, for 
probability. 

ASSUMPTIONS 

a given design or a 

yield the safety 
cycles, res pee -
desired failure 

Summarized below are the principal assumptions made 
in the development of the load and resistance. Many 
are based on data from previous studies and are 
referenced accordingly; others rely on engineering 
judgment when little or no data exist to support 
them. 

Assumptions pertaining to the resistance curve 
are as follows: 

1. The log-log linear S-N curve for constant-amp
litude fatigue test data is extended below the 
constant-amplitude fatigue limit (FL) downwards to 
a point where the equivalent stress range meets the 
variable-amplitude fatigue limit (~) at 

(22) 
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2. Calculations that pertain to a specific type 
of detail employ the exponent m, which corresponds 
to the slope of the S-N curve for that detail. 
Calculations of equivalent stress range are insensi
tive to small changes in m. Therefore, a rounded 
value m = 3 is used, thereby lending to Equation 1 
the meaning of a root-mean-cube (RMC) stress range 
12). 

3. Load interaction effects in high-low stress
range sequences are neglected because, in most civil 
engineering structures, the random nature of loading 
does not provide enough low-load cycles following a 
high-load excursion to retard crack growth (10). 

4. The fabrication quality of the test specimens, 
from which the resistance data of Table 1 originate 
(_!,~rll, is representative of all structures in 
service. 

5. Except for thick cover plates, which are now 
covered by the newly adopted category E' (11), any 
effect of specimen size and plate thickness on the 
fatigue life is neglected. 

6. Loss of life due to corrosion fatigue (all 
steels) and weathering (A588 steel) is neglected, 
although it can be large for high-fatigue strength 
details <.!.~) • 

7. The resistance data are log-normally distrib
uted (_!,~). 

Assumptions pertaining to the load curve are as 
follows: 

1. The maximum stress range in a recorded histo
gram is caused by the design load. 

2. The measured-to-computed stress-range ratio 
(a) has a single value with no distribution. 

3. Available loadometer surveys and stress-range 
histograms describe typical load variability for 
highway bridges. 

4. The load data are log-normally distributed 
(11). 

It should be emphasized that the safety index and 
failure probability computed from Equation 16 apply 
to one detail. Because all structures have more 
than one detail, the probability that the first 
detail will fail is about equal to the sum of the 
failure probabilities of all details. Finally, 
failure of the first detail does not necessarily 
induce collapse. This depends on the redundancy of 
the load pa th. 

The user must evaluate the assumptions listed 
above and the remarks on failure probabilities when 
applying the proposed method to a specific problem. 

APPLICATION TO AASHTO SPECIFICATIONS 

This section illustrates the first type of applica
tion, namely, to compute with Equation 16 the fail
ure probability of a detail that was designed to a 
specified design line. 

Background 

The current fatigue specifications for highway 
bridges, railway bridges, buildings, and weldments 
state in identical tables the allowable stress range 
(Fsr) as a function of type of detail and number 
of loading cycles, Nd (.!,, Table l.7.2Al). The 
listed pairs of stress range versus number of load
ing cycles are coordinates of points on the allow
able S-N lines for each type of detail. For redun
dant load-path (RLP) structures, these lines were 
set at two standard deviations (2sR) to the left 
of the resistance (1..!l. They are loosely called in 
the literature the 95 percent confidence limit for 
95 percent survival, although a design to those 
allowable S-N lines will not give a failure prob-
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Figure 4. Illustration of AASHTO fatigue specification 
requirements for category E and ADTT = 2500. 

IO 

ability of Pp = 5 percent (95 percent survival) 
for reasons that will become apparent in the follow
ing. It should also be noted that the current 
specification makes no allowance for load vari
ability. Substituting sQ' 0 and a 2 into 
Equation 17 and computing log N for fr F s r 
from Equation 6 gives, indeed, the AASHTO fatigue 
design lines for RLP structures: 

log Nd= log N - 2sR = (b - 2s1t) - m log Fsr (23) 

The tabulated values of Fsr and Na are approxi
mate coordinates of points on those lines. Equations 
6 and 23 for category E details are plotted in 
Figure 4. 

RLP Structures 

Equation 16 is applied to loading case 1 for which 
the average daily truck traffic (ADTT) equals 2500 
(or more). It cannot be applied to case 2 and case 

3 without assuming a frequency of loading, because 
AASHTO does not specify the value of ADTT for those 
cases. 

Consider, for example, a category E cover-plate 
end detail on an RLP structure designed to point e 
on the allowable S-N line shown in Figure 4. Its 
coordinates are Fsr B ksi (55 MPa) and Na 
(AASHTO) = 2 000 000 cycles. To locate the actual 
design point (d), one must find the equivalent 
stress range (fre) and the actual number of load
ing cycles (Na) • 

The equivalent stress range was extracted from 
the information reported in Fisher (l!). In that 
report, a linear relation was assumed between gross 
vehicle weight and stress range. Accordingly, the 
coefficients p and o that relate the equivalent 
s tress range (fre) to the design stress range 
(Fsr) can be obtained from gross vehicle weight 
data. The gross vehicle weight distribution from 
the 1970 Federal Highway Administration (FHWA) 
nationwide loadometer survey yielded a summation of 
Yi<!>i' 0,35 (14). This gives, in the 
manner of Equation ~ p = O. 705. The ratio of the 
actual stress range due to the passage of a design 
vehicle and the design stress range is o O .5. 
It is obtained from Equation 6 in Fisher (14) for a 
50-year design life. Note that F sr is b~d on a 
distribution factor for wheel loads to girders on a 
b ridge designed for two or more traffic lanes 
(s/ 5 .5), where s is the girder s pacing. The combi
nation o f s / 5.5 with o = 0.5 gives s / 11, a plausi
ble value for the distribution factor for bridges 
designed for one traffic lane. The equivalent 
stress range is then 

fn . = 0.5 x 0.705 x 8 = 2 .8 ksi(l9 Ml'a) (24) 

/ HYPOTHETICAL DESIGN POINT 

OJI 

NUMBER OF CYCLES 
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For purposes of illustration, a stress-range 
histogram proportional to the gross vehicle weight 
histogram from the nationwide loadometer survey, as 
used in Fisher (l!l, is shown along the ordinate of 
Figure 4 [see also Fisher (14), Figure 25)]. For 
loading case 1 and ADTT = 2500, AASHTO specifies 
that a category E detail be designed to the hypo
thetical point e in Figure 4 and for Na (AASHTO) = 

2 000 000 cycles of the allowable stress range Fsr 
B ksi (55 MPa). The oFsr 4 ksi (28 MPa) 

stress range corresponds to one 72 000-lbf (320-kN) 
truck on a bridge designed 'for one traffic lane. The 
fre CJPFsr 2.B ksi (19 MPa) stress range 
corresponds to one (p 72 000) 50 760-lbf 
(226-kN) fatigue truck on a bridge designed for one 
traffic lane (12_, Table 5). The actual number of 
cycles for a 50-year design life is Na 2500 
trucks/day x 365 days x 50 years 45 625 000 
cycles. The actual design point (d) has therefore 
the coordinates fre 2.8 ksi and Na 
45 625 000 cycles. That the actual design point (d) 
also lies on the load curve at 2sR to the left of 
the resistance follows from the identities: 

(Fsr/f,.)m = [1 /(0.5 X 0.705)]-' = 22.83 (25) 

N0 /I N0(AASHTO)] = 45 625 000/2 000 000 = 22.81 (26) 

Equations 25 and 26 reflect the geometrical relation 
that the slope times the rise must equal the flat of 
the log-log linear design S-N line. 

Evidently, the intentional mismatch between the 
AASHTO number or cycles of Fsr stress range and 
the actual number of cycles of fre stress range 
means that the AASHTO specifications apply, in 
reality, to one traffic lane loaded by a single 
fatigue truck. The fatigue design to the hypotheti
cal point e is mathematically identical to a design 
to the actual point d. This conclusion is illus
trated in Figure 4 for a category E detail, but it 
holds equally true for all other categories. 

The horizontal distance between the failure point 
(f) and the actual point (d) is therefore 2sR• 
Substituting this value into Equation 16 gives the 
safety index for main longitudinal load-carrying 
members in RLP structures designed for ADTT = 2 500, 
i.e., 

(27 ) 

Note again that neglecting load variability implies 
that sQ' = 0 and leads to s = 2, as in Equation 
23. AASHTO requires that "members shall also be 
investigated for over 2 million stress cycles pro
d uced by placing a single truck on the bridge dis
tributed to the girders as designated in Article 
1.3.l(B) for one traffic lane loading" (1). (The 
di s tribution factor for one traffic lane loading is 
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S/7.) This requirement lowers the hypothetical 
design point in Figure 4 from e to e1 and the 
actual design point from d to d1. It increases 
the numerator of Equation 27 from the distance d-f 
to d1 -f1. The safety index for more than 2 
million cycles is then given by 

Ii= (1 /sT) { 2sR + 111 ·log [Fsr (2 x 106)/Fsr (over 2 x 106)]} (28) 

in which the allowable stress ranges for 2 million 
cycles and over 2 million cycles are read from 
AASHTO Table l.7.2Al UJ for RLP structures. There 
is really no need to check both loading conditions 
for every design, since the one that governs can be 
determined a priori. The condition for 2 million 
cycles of loading always governs for categories A, 
B, and C* because [Fsr(2xl0 6 )/Fsr(over 
2xl0 6 )] < [(S/5.5)/(S/7)]. The condition for 
over 2 million cycles always governs for categories 
C, D, E, and E' because [Fsr(2xl0 6 )/Fsr(over 
2xl0 6 )] > [(S/5.5)/(S/7)], Hence, Equation 27 
always applies to cateqories A, B, and C*, and 
Equation 28 applies to categories C, D, E, and E'. 
Both are in reality for single truck loading; the 
former with a distribution factor a(S/5.5) = S/11, 
as shown previously, and the latter with a (S/7) 
S/14. The double-check requirement is superfluous 
and leads to inconsistent failure probabilities. 

The numerical evaluation of Equations 27 and 28 
was carried out for all categories. The values of 
sR and m needed to calculate s

1 
with Equation 

15 are listed in Table 1. Lacking variability 
information for fatigue truck weights, the standard 
deviation of the load was set equal to the standard 
deviation of the equivalent stress ranges that were 
obtained from 104 histograms recorded on 29 bridges 
in eight states [sQ' = 0.0492 (.!l_)]. The allow
able stress ranges for main longitudinal load-carry
ing members in RLP structures were taken from AASHTO 
Table 1. 7. 2Al (_!.). The calculated safety indices 
and failure probabilities are shown in the left part 
of Table 2. The results reveal extreme variations 
in failure probability, which range from a high of 
Pp 9.2xl0- 2 for category B to a low of Pp 
= 9.2x10-• for category E'. 

NRLP Structures 

Failure probabilities of main longitudinal load
carrying members in NRLP structures can be calcu
lated in a similar manner. Again, the condition for 
2 million cycles of loading always governs for 
categories A, B, and C*, for which the safety index 
is as follows: 

Ii= (l/sT) { 2s 1\ + 111 ·log (Fsr (2 x 106
: RLP)/F,, (2 x 106

: NRLP)J} (29) 

The condition for over 2 million cycles of loading 
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always governs for categories C, D, and E that have 
a safety index of 

IJ = (l/sT) {2sR + 111 ·log (Fsc (2 x 106; RLP) 

7 Fsr(over 2 x 106
; NRLPJJ} (30) 

The results, shown to the right in Table 2, reveal 
once more extreme variations in failure probability, 
from a high of Pp = 5 .lxl0- 2 for category A to 
a low of Pp 2 .1x10-22 for category E. Note 
also that the failure probabilities for category A, 
B, and C* details on NRLP structures exceed the 
failure probabilities for category C, D, E, and E' 
details on RLP structures. The original intent of 
adding a table of Fsr values for NRLP structures 
had been to lower failure probabilities to less than 
those for RLP structures. 

DESIGN EXAMPLE 

This section illustrates with one example the second 
type of application, namely, the fatigue design of a 
detail for a desired failure probability. This type 
of example is not covered by the AASHTO specifica
tions. Additional examples are presented in Albrecht 
!l). 

Problem 

A one-lane bridge consists of two plate girders and 
a concrete deck. It is located on a pr iv ate access 
road from an ore concentrating plant to the mine. 
The trucks cross the bridge empty on the way to the 
mine and full on the way back to the plant. The net 
vehicle weight (NVW) and gross vehicle weight (GVW) 
are NVW = 40 kips (178 kN) and GVW = 140 kips (625 
kN). Because all other vehicles weigh much less 
than the empty ore truck, their contribution to 
fatigue damage is neglected. About 150 daily round 
trips will keep the plant working at full capacity. 
At that rate, all ore will be mined in 12 years. 
Because the bridge has low clearance, crosses a 
shallow river, and serves no public roads, a low 
safety index of a 3 (Pp l.35x10- 3 ) is 
assumed. Compute the allowable stress range for the 
category B flange-to-web weld. 

Solution 

The load- and resistance-curve data are determined 
and substituted into Equation 18. Its solution 
yields the allowable stress range for the specified 
number of loading cycles (see Figure 5). 

1. The load-curve data for vehicle weights and 
frequencies are as follows: 

¢>NVW = 40/140 = 0.286; YNVW 0.5. 

Table 2. Fatigue failure probabilities for main longitudinal load-carrying members designed for ADTT = 2500. 

/\ 
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Figure 5. Design example. 
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'GVW = 140/140 = l.Oi YGVW = 0.5. 

Then substitute into Equation 4: i.e., 

p = [0.5(0.286)3 + 0.5(1.0)3] 113 = 0.80 

'i..·o.e•16•12.eu; 

(31) 

For a one-lane bridge assume that a = 1. O. A 15 
percent coefficient of variation (C = 0 .15) is esti
mated for the equivalent truck weight, so that 

s0 = ../0.4343 log10(1+C2 ) =0.0648 (32) 

2. Resistance-curve data for category B, which 
are taken from Table 1, are as follows: b 10.870, 
m = 3.372, and sR = 0.147. 

3. The design equations (Equations 15 and 19) are 
as follows: 

ST = ..; (Q. 147)1 + (J ,372 X 0.0648)1 = 0.2634 (33) 

Nd= 10(10.s10-3xo.2634)/F,~·372 = (1 2.o x l09)/F,30312 (34) 

4. The number of loading cycles is as follows: 

Nd= (2 x 150 trips)(365 days)(12 years)= I 314 000 cycles (35) 

5. The allowable stress range for a design based 
on equivalent truck weight is 

F, 0 = [(12.0 x 109)/(1.314 x 106)) 113 '
372 = 14.9 ksi (103 MPa) (36) 

and for a design based on GVW is 

Fsr = F,0 /p0i = 14.9/(0.80x 1.0) = 18.7 ksi (129MPa) (37) 

6. Check the fatigue limit: i.e., 

f,(GVW) = 18.7 ksi >FL= 16 ksi(l lOMPa) (38) 

Therefore, fatigue must be checked. 
7. The safety factor on life, which is taken from 

Equation 20, is as follows: 

(F.S.)Nd = 10(3x0.2634) = 6.2 (39) 

The results of the previous calculations are 
shown in Figure 5. The histogram is plotted along 
the ordinate. The upper and lower load lines are 
for designs to Fsr and Fre• respectively. Both 
give analogous results, since the two lines are 
shifted by the ratio ap Fre/Fsr• The safety 
factor on life is the horizontal distance between 
the resistance curve and the Fre load curve. 
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CONCLUSIONS AND RECOMMENDATIONS 

A method of calculating fatigue failure probabili
ties based on the S-N approach was presented in a 
form suitable for examining designs to current 
fatigue specifications and for performing designs to 
any desired level of risk. The method is general. 
It was illustrated here in detail for highway 
bridges. The main findings were as follows: 

1. The design for the AASHTO number of cycles of 
maximum stress range (Fsr> calculated for multiple 
HS-20 trucks with a distribution factor for two or 
more traffic lane loadings (S/5. 5) is mathematically 
identical to the design for the actual number of 
single fatigue trucks with a distribution factor of 
S/11. 

2. The dual requirement to check all case 1 
designs for 2 million cycles with S/5.5 and for over 
2 million cycles with S/7 is superfluous because the 
former always governs for categories A, B, and C*, 
and the latter always governs for categories c, D, 
E, and E'. It is also inconsistent because both 
are, in reality, for single fatigue truck loading. 
But the former is for a higher stress range with an 
actual distribution factor a (S/5.5) = S/11, while 
the latter is for the fatigue limit with an actual 
distribution factor a(S/7) = S/14. 

3, The failure probabilities lack 
RLP structures, they vary from a 
9.2x10- 2 for category B to a 
9. 2x10- 1 0 for category E'. For 
they vary from a high of PF 
category A to a low of Pp 
category E. 

uniformity. For 
high of PF 

low of PF 
NRLP structures 

5.lxl0- 2 for 
2.lxl0- 22 for 

4. The failure probabilities for category A, B, 
and C* details on NRLP structures are higher than 
those for category c, D, E, and E' details on RLP 
structures. This violates the intent of the re-
quirements for NRLP structures. 

There are dangers of either g1v1ng too much 
credence to the accuracy of calculated failure 
probabilities or of dismissing the results out of 
hand because of unavoidable uncertainties and a lack 
of data, The most important benefit is the ability 
to compare the values relative to each other. 

The pressing need for specifications that are 
based on uniform failure probabilities mandates that 
AASHTO choose two values, one for RLP and one for 
NRLP structures. Thereafter, allowable stress 
ranges can be derived with methods such as the one 
outlined here. This need alone calls for a revision 
of the current specifications. In addition, AASHTO 
should consider the following points, which have 
also been made by other investigators in the past: 

1. Define the allowable stress range as a contin
uous function of truck traffic volume instead of the 
step function approach by loadinq case in Table 
l.7.2B (1). 

2. Explicitly formulate the fatigue specifica
tions in terms of the actual number of single fa
tigue trucks, each of which cause an equivalent 
stress range, instead of a hypothetical number of 
HS-20 design trucks that cause the maximum stress 
range. 

3. Examine what impact the distribution factors 
would have on the fatigue specifications if they 
were expressed in terms of number of girders and 
lanes instead of girder spacing. 
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