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Physical Modeling of Clay Slopes in the Drum Centrifuge 

JAMES A. CHENEY AND ALI MOHAMAD OSKOOROUCHI 

The modeling-of-models technique is used in the physical modeling of over
consolidated kaoline clay embankments by utilizing a drum centrifuge. The 
clay is consolidated from a slurry in a g-field up to 400 times gravity, and then 
60' slope embankments from 2 to 8 cm in height are cut and tested for the 
fa ilure g-level. Three types of failure are observed: (a) a quick strength, 
wherein the g~evel is raised quickly to failure; lb) a short-term strength, where
in failure takes place in 5-10 min ; and (c) long-term failures, which take many 
hours. The extension of these data to prototype size is tentatively established 
by tests that vary over a range of scales. This is especially important in estab
lishing a scaling relationship for time. The time-scaling relationship is investi
gated by observing changes in time to failure as a function of model size for 
constant prototype dimensions. 

The stability of overconsolidated clay slopes was 
physically modeled by Fragaszy and Cheney (.!,1) in a 
drum centrifuge, shown in Figure 1. Their results 
indicated that the short-term strength of the slope 
can be assessed by using the Cam-Clay theory for the 
yield surface on the dry side of the critical-state 
line. It was also shown that lower strengths are 
exhibited in the centrifuge models after a long time 
(1-12 h) at constant 9.-level. This experimental 
finding suggests that it might be possible to model 
a phenomenon observed in prototype slopes of over
consolidated clay, that of slopes failing after many 
years of stabile behavior. The results reported 
(.!), however, were not sufficient to establish a 
scaling relationship between time in the centrifuge 
and prototype time. 

The approach used by Fragaszy and Cheney in 
centr Huge modeling was to analyze the centrifuge 
results with a Bishop's-method stability-analysis 
program by using various choices for the strength 
parameters. The strength parameters giving factors 
of safety closest to unity were considered to be 
closest to correct. 

Another approach in centrifuge modeling is to 
test models over a range of scales to establish the 
range of validity of the technique and then to make 
predictions by direct modeling. This approach has 
been quite successful in applications involving sand 
(1-2). The application in clay is more complicated 
because density and water content are self-con
trolled phenomena in the sense that consolidation 
depends on internal properties of permeability, 
compressibility, and viscosity rather than exter
nally controlled deposition. Thus the use of the 
modeling-of-models technique in clay requires 
special attention to the initial states of stress 
and moisture-content distribution in order to sat
isfy the requirements of similarity between test 
specimens. 

DRUM CENTRIFUGE 

The use of a complete drum for modeling clay slopes 
has many advantages. It permits the consolidation 
of clay at extremely high .9.-levels, and the usual 
problem of balancing the arm while water is removed 
in the consolidation process is automatically solved 
by symm~try. The drum forms its own counterbalance. 
It permits the study of stability of slopes having 
no unnatural boundary along their length. However, 
there are some drawbacks associated particularly 
with the drum centrifuge that must be addressed. 

The drum centrifuge used in this study rotates in 
a vertical plane and has a very short length (0.3 m) 
and a radius of 0.6 m. The clay is poured into the 
drum while the drum is spinning and spreads evenly 

along the circumference, forming a uniformly thick 
blanket of clay 0,3 m wide and 0.15 m thick. This 
blanket is then consolidated under its own weight at 
50-400 .9. by the spinning of the drum. The state of 
stress during consolidation is in question. 

As the layers near the wall of the drum compact, 
the inner layers must move radially outward. This 
outward movement must also be accompanied by a 
circumferential spreading because the layer is 
moving to a larger radius associated with a larger 
circumference. The ends of the drum (0.3 m apart) 
have a camber e inward with respect to the plane 
of rotation so that there must also be an out-of
plane spreading of inner layers as well. The geom
etry of the drum is shown in Figure 2. 

The lateral strains associated with consolidation 
may be computed from the geometry, the measured 
inner surface displacement, and the change in water 
content across the thickness. The radial strain at 
a given layer is given by the following: 

Ev= [ov-(d/R*)-(d/R)+(d2 /RR*))/[l-(d/R*)-(d/R)+(d 2/RR*)] (I) 

i n which 

ov = volume change in a layer at depth d = G, (w; - wr)/(1 + G,w;) (2) 

where 

wi water content at layer d initially as ratio 
of dry weight, 

Wf water content at layer d finally, 
Gs specific gravity of clay particles, 
R* radius of layer from apex of end walls (see 

Figure 2b) , 
R = radius of layer from center of revolution of 

drum (see Figure 2a), and 
d radial displacement of layer. 

The displacement d of the surface layer is measured . 
From this, £v6Y is subtracted to obtain the 
displacement d of the second layer. This process 
has been programmed for high-speed digital computa
tion to determine the displacement distribution and 
then the lateral strain. 

The lateral strain for one test (M-2) is shown in 
Figure 3. The conditions near the outer wall ap
proach zero lateral strain while conditions near the 
inner soil surface approach strains large enough to 
reach the active lateral stress state. 

WATER-CONTENT DISTRIBUTION 

The influence of the variable lateral strain on the 
water-content distribution through the sample can be 
assessed by use of the Cam-Clay theory (~), If we 
take 

where 

ov' effective stress in y-direction 
(radial), 

oh' effective stress in x, z-directions 
(lateral), and 

K = coefficient of lateral pressure, 

(3) 



2 

Figure 1. Drum centrifuge and peripheral equipment. 

Figure 2. (a) Axial view of drum and (b) X-section of drum, A-A. 

(al 

y 

(bl 

in accordance with the Cam-Clay theory, 

v = V - Afup' - {[(A - K)/M]/(q/p')f 

where vis the volume of a unit volume of solids, 

q = a~ - ai. = (1 - K) a~ 

p'= (av+ 2ah)/3 =[(I+ 2K)/3]/a~ 

and V, A, K, and Mare constants of the theory. 

(4) 

(5) 

(6) 

The difference in v for K0 conditions (zero 
lateral strain) and Ka conditions (active Rankine 
state) is given by the following: 

Clv = V0 - V0 

= ARn [(I+ 2K0 )/(i + 2K.)] + [(A - K)/M] 3 [(! - K0 )/(l + 2K0 )] 

- [(I - Ka)/(! + 2K.)] (7) 

Given A 0,056, K 0.010, M 1.27, Ka 
0.5, and Ka= 0.30, the following holds: 

/!,,v = -0.10 (8) 

This means that the specific volume for the active 
Rankine state is less than that for the at-rest 
state. A smaller specific volume is associated with 
a smaller water content through the following: 

water content= [(v - 1)/G,] x 100 percent 

Figure 4 shows 
distribution with 
(active) and K0 

schematically the 
respect to depth 
(at-rest) states. 

(9) 

water-content 
for the Ka 
The actual 
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Figure 3. Lateral strain versus depth after consolidation. 
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Figure 4. Expected W/C distribution for consolidated soil in drum. 
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distribution follows the Ka-curve in the upper 4 
cm of depth and follows the K0 -distribution in the 
lower 4 cm. A transition occurs between these two 
zones, forming an S shape. 

DESCRIPTION OF TESTS 

After consolidation of a clay blanket approximately 
9 cm thick, the centrifuge is brought to a stop in 
order to take moisture-content samples. After this 
the centrifuge is spun up to the full consolidation 
speed to return the specimen to the fully consoli
dated state. Then the centrifuge is slowed to 40-50 
rpm and a cutting is 'made by using a specially 
shaped cutting tool made of a sharpened wire bent to 
conform to the shape of the desired slope. The 
duration of time taken to cut the slope assures that 
the material is in the fully drained condition after 
cutting. 

The control of the cutting is accomplished by 
means of a screw-fed rigid bracket to which the 
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cutting tool is affixed. This mechanism can be seen 
in Figure 1. 

In the quick tests, the centrifuge is then 
steadily increased in speed, while the circumference 
is panned with a strobotac triggered by a photo cell 
that uses a light beam reflected from a target 
attached to the drum. The speed at which the first 
sign of a slope failure is observed defines the 
failure speed and the associated load factor at 
failure Nf• 

'rhe quick tests are essentially undrained tests 
due to the rapid rate of loading, although the 
analytical results of Fragaszy and Cheney (_!) indi
cate that local dilation may occur at failure. 
Because the lateral stresses normal to the plane of 
rotation and the vertical stresses due to self
weight are greatly reduced, the sample is in a 
highly overconsolidated state. The quick tests are 
analogous in many respects to a quick draw-down test 
of a canal embankment. 

Timed tests were performed once the quick-test 
strength had been established. These tests are 
performed in a similar manner, except the centrifuge 
speed is set at a percentage of the speed at quick 
slope failure and the time required to reach failure 
is observed. Two classes of time behavior are 
observed: (a) a short-term failure requiring 5-10 
min and (b) a jong-term failure requiring many hours. 

All the slopes tested were at a 60° angle with 
respect to the horizontal and made of a mixture of 
kaoline particle sizes (25 percent Mono 90, 75 
percent Snow Cal 50) having C am--C lay proper ties , 
= 0.056, K = 0.010, and M = 1.27 and Mohr-Coulomb 
strength parameters c' = 0.1 kg/cm' and~· = 33°. 

MODELING OF MODELS 

It has been stated (1) that the first task of an 
experimenter is to determine the range of validity 
o f similitude in modeling whenever all the param
eters characterizing a prototype are not exactly 
similar. In the current problem the particle size 
of the model material is taken as the same through
out the tests at various scales and there is a limit 
to the size of the model because of the finite 
length of the drum (0.3 m). 

However, it is important also to maintain simi
larity between model and prototype wherever feasi
ble. Because the strength and deformation charac
teristics of clay are strongly dependent on the 
water content, the water-content distribution is an 
important factor in establishing similarity. The 
water-content data plotted in Figure 5 were obtained 
from seven tests, all having the same prototype 
height but ranging in model height from 2 cm to 8 
cm. In order to establish this similarity, it was 
found necessary to consolidate at the consolidation 
load factor Nc for 3 h with double drainage, top 
and bottom. 

In order to establish a systematic schedule of 
quick tests, the array of tests shown in Figure 6 
was proj ected. A prototype height (llpcl of 400 cm 
was chosen for a series of seven model heigh ts, 
after which tests of six different prototype heights 
were made at a single model height (5 cm). 

The results of these tests are given in Table 1. 
If scaling is valid, all the tests at the same 
consolidation prototype height should fail at the 
same slope prototype height. In Figure 7 the fail
ure prototype heights versus model heights are 
plotted. The range of consistent results is between 
4 and 7 cm. 

The divergence of the results for the 8-cm model 
height appears to be related to the fact that the 
water content is less than expected for the given 
consolidation load factor Ne• The reason for the 

3 

divergence at the lower model heights is not clear 
but may be related to the size of clay conglomerates 
within the clay mass rather than the size of indi
vidual clay particles, and the water-content distri
bution is significantly different in shape at these 
lesser model -heights. 

With the valid range of model height established, 
a model height midway within this range was chosen 
for tests of other prototype heights. A plot of 
these results is given in Figure 8, which shows an 
almost linear relationship between prototype failure 
height and prototype consolidation height (Hpcl, 

The exception to this trend is test M-25, which, 
if the line is correct, failed prematurely. This 
result is explained by the fact that the water-con
tent values for M-25 for some reason were greater 
than those ot M-24, which was consolidated at Ne = 
200. Thus, from the water-content data, M-25 should 
be associated with an Ne ~ 175 and is then in 
line with the other data points. The water-content 
plots are given in Figure 9. This observation makes 
clear that the fundamental parameter in assessing 
strength of these embankments is the water-content 
distribution rather than Nc• The relation devel
oped between consolidation load factors Ne ann 
failure load factors Nf is simply a convenience 
for presentation of results. 

The relationship of Figure 9 is as follows: 

(JO) 

TIMED TESTS 

The initial purpose of the long-duration tests was 
to establish the length of time necessary ( if fi
nite) for a slope lower than its quick-test failure 
height to fail. Early in the study, it was dis
covered that there were two types of time-to-failure 
data, as previously mentioned: a short-term failure 
requiring 5-10 min to develop and a truly long-term 
failure requiring many hours. 

Table 2 lists the data from the timed tests and 
these data are plotted in Figure 10 along with the 
quick-test data for reference. There is a zone of 
prototype heights in which slopes will fail in a 
very short period of time. To the right of this 
zone, the time to failure dramatically increases. 
Isochrones of failure heights to consolidation 
heights are developed in the long-term-failure zone. 

A cross plot of curves in Figure 10 is shown in 
Figure 11 that results in a family of time-to-fail
ure lines for constant prototype consolidation 
height (Nc·Hml· These lines are not valid to 
the left of the dashed line, which represents the 
boundary between short-term failure and long-term 
failure. 

The test results shown in Figures 10 and 11 are 
all for a common model height of 5 cm. In order to 
establish a relationship between the time to failure 
in the model and time to failure in a prototype, 
tests over a range of model heights must be per
formed. To this end, a test series in Table 3 was 
carried out at a constant prototype height of slope 
HpF and prototype height in consolidation Hpc 
but with model heights Hm ranging from 4.5 cm to 
7 .0 cm. The load factors at failure, of course, 
vary from 98.3 to 63.2. 

If the time delay to failure depends on a disper
sive phenomenon such as the hydrodynamic delay in 
consolidation, one would expect the time to be 
governed by a time factor T, which is proportion al 
to the inverse square of the characteristic length H 
and directly proportional to time t: 

T = Cvt/H2 (I I) 
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Figure 5. Water content versus depth in modeling of models. Table 1. Modeling-of-model data. 

WATER CONTENT AS o/o OF ~y Wt. 
Hm Hpc 

Test (cm) Ne (cm) Nr 

M-11 2.0 200 400 167 
M-12 3.5 114 400 55.2 
M-13 4.0 JOO 400 63.4 

0.2 M-14 5.0 80 400 47.3 
M-15 6.0 66. 7 400 39.4 
M-16 7.0 57.0 400 34.9 
M-17 8.0 50.0 400 37.6 
M-21" 5.0 80 400 47 .3 

0 .4 M-22 s.o 100 500 52.4 
J: M-23 5.0 ISO 750 60,7 

' G (i) ~ M-24 5.0 200 1000 78.0 
M-25 5.0 250 1250 70.0 

0 0 .6 

~ ~ C) 0 

a:: 

~ 0.8 (i) 

a.. 

M-26 5.0 350 1750 110.0 

arest M-21 is the same as test M-14. 
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Figure 7. Prototype versus model height for 
modeling-of-model tests. 
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Figure 8. Prototype failure height venus prototype 
consolidation height for quick tests. 
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Figure 9. Water-content distribution: quick tests. 
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Table 2. Ti med-test data. 

Test Ne 
Hpc 
(cm) Nr' 

HPF 
(cm) 

M-36 350 1750 88.5 442 
M-36A 350 1750 77.0 385 
M-36B 350 1750 54.5 272.5 
M-35 250 1250 68.0 340 
M-34 200 1000 59.0 295 
M-34A 200 1000 45.0 225 
M-34B 200 1000 39.3 196 
M-33 150 750 21.0 105 

Note: Hm = 5.0 cm. 

where Cv is a constant. 

2B 

tF 
(min) 

150 
310 
520 
295 
5-10 
5-10 
510 

5 

5 

PROTOTYPE CONSOLIDATION HEIGHT, Hp 
C 

(Cm.) 

500 1000 ,eoo 2000 

<t M-25 

WATER CONTENT IN % BY DRY WEIGHT 

30 32 34 36 3B 

Ne 
0 100 

D 150 

6 200 

• 2!50 

• 350 

(13) 

The relation between t and nf becomes the follow
ing: 

(14) 

A plot of the inverse square of failure load 
factor nf' versus time to failure is given in 
Figure 12, There is a fair correlation of the data 
with the theoretical line, and this tends to cor
roborate Skempton's hypothesis (]) for the time 
delay to failure. An extrapolation to a load factor 
of unity gives an estimate of the long-term time to 
failure of the prototype. 

The tests in Table 3 were run with constant 
prototype heightr thus, 

nr Hm = 1750 cm 

and 

(12) CONCLUSIONS 

The existence of the short-term failure is of great 
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Figure 10. Results of timed tests. QUICK TEST 
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Table 3. Long-term modeling-of-model test data. 

Hm 
Test (cm) Ne 8 Pc 

M-41 4.5 389 1750 
M-42 5.0 350 1750 
M-43 5.3 330 1750 
M-44 5.54 318 1750 
M-46 7.0 250 1750 

200 400 600 

100 200 300 

!F 
Nr HPF (min) 

98.3 442 10 
88.5 442 ISO 
83.4 442 88 
80.3 442 72 
63.2 442 180 

importance in assessment of the safety of slopes, 
This failure condition is likely associated with a 
local instability along a failure surface within the 
clay mass that permits a very localized dilation, 
leading to a fully softened state (critical state), 

800 1000 
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tf (min.) 

LONG TERM ZONE 

1200 
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© 

1400 1800 

LONG TERM TESTS 

BOUNDRY BETWEEN 
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TERM ZONES 

Hm • 5.0 CM. 

H'c• 12!!0 
Hp .. 1000 

Hp;750 

700 

The existence of this form of failure is suggested 
by Schofield and Wroth (~I as a mechanism of failure 
below the yield surface on the dry side of the 
critical state. 

Apparently the quick tests generally were done so 
fast that such instabilities did not have time to 
develop, although some scatter in the data might be 
suggestive of such a reduction in strength. 

The long-term behavior clearly exists in the 
model tests and time' to failure increases with the 
size of the model. This result negates a viscoplas
tic creep theory (_!!) as an explanation of the de
layed time to failure, which would make modeling 
invalid, The N2-scaling law used in scaling time 
for hydrodynamic events (seepage, consolidation) 
appears to govern generally the delay time to fail
ure and therefore corroborates the theory of Skemp
ton (2), 
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Figure 12. Time to failure versus 1/N? for long-term 
modeling-of-model test. 
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Centrifugal Testing of Soil Slope Models 

MYOUNG MO KIM AND HON-YIM KO 

The principles of testing static geomechanical models are explained, and the 
need to simulate the gravity-induced body forces is emphasized. The only 
convenient method of inducing increased gravity on models of soil structures 
is to spin the model in a centrifuge. Experiments were conducted in a 10-g-ton 
geotechnical centrifuge to model the stability of slopes of partly saturated 
granular soils. A series of modeling-of-models tests was conducted in which 
several models of different scales were tested at different gravity scales. The 
internal consistency of the centrifugal modeling technique is demonstrated by 
results of these tests, which show that the same critical height of the prototype 
slope is obtained irrespective of model scale. A quantitative comparison is 
made of the model test data and analytical results from limit analysis, finite
element analysis, and limiting-equilibrium analysis. It is demonstrated that the 
critical slope heights obtained from the centrifuge tests are bracketed within 
the upper bounds established by limit analysis and the lower bounds obtained 
from finite-element calculations. In addition, the locations of the failure 
surface obtained by testing and analysis correspond closely in all cases. 

Testing of scaled earth models under an increased 
gravitational body force field is a relatively new 
idea in soil mechanics. This centrifugal-modeling 

technique is the only method that can completely 
satisfy the requirements of the principles of simil
itude in the geotechnical model in which body forces 
of a structure are significant. Nevertheless, many 
workers are still unconvinced of the validity of the 
method, primarily due to the lack of prototype data 
against which model behavior can be compared. Even 
·when such data are available, comparisons usually 

. point out the necessity to better define the geology 
of the prototype situation as well as the material 
properties. 

In order to demonstrate that the scaled centr i
f ugal model can pr oject to prototype behavior, it is 
possible to carry out a modeling of models, in which 
a series of models is constructed at different 
scales, all representing the same prototype (which 
could be an imaginary situation), and tested at 
different gravity ratios, each calculated to bring 
the respective model to full similitude with the 
prototype. Only when it has been demonstrated that 
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Figure 1. Failure envelope and stress-strain curves of prototype and model 
materials. 
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all models produce the same prototype projections 
can it be considered that the scaling relations 
obtained from the principles of similitude are valid 
and are therefore invariant with respect to the 
model scale. A homogeneous slope of granular soil 
is chosen to be the test model in this investiga
tion. Three series of slope models of different 
sizes that had similar geometry were built and 
tested in a centrifuge. 

After the concept of the modeling of models has 
been confirmed by using the slope model, the next 
step is to compare the self-consistent results of 
the centrifuge tests with the solutions obtained by 
analytical methods to verify the validity of the 
model test results on a quantitative basis. To this 
end, the stability of the centrifuged slope is 
analyzed by the upper-bound method in limit analy
sis. Solutions obtained by the finite-element 
method and the simplified Bishop's method of limit
ing equilibrium analysis are compared with the test 
results in terms of the critical height and/or the 
location of the failure surface of the slope. 

BACKGROUND 

In general, physical models can be grouped into two 
categories depending on whether they satisfy the 
principles of similitude or not (!_). In order to 
predict the behavior of the prototype on a quantita
tive basis by using model test data, however, the 
principles of similitude should always be satisfied 
in the model system. 

If the principles of similitude are satisfied in 
the model, one can pass from a certain quantity y' 
derived from the model to a homologous quantity y in 
the prototype by means of a scale factor that is 
fixed by similitude. In problems of statics there 
are two independent quantities, length and specific 
force (force per unit area); therefore, two indepen
dent scale factors for the respective quantities 
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involved may be defined as follows: 

;\.= L/L' ~=a/a' (I) 

where 

", E; scale factors for length and specific 
force, respectively; 

L,a length and specific force in prototype; 
and 

LI ,o I length and specific force in model. 

It may be noted that the length scale , must also 
be valid for displacement and that the scale factor 
of specific force E; must be valid for all quanti
ties having the dimensions of specific force, for 
example, modulus of elasticity E and shear stress 
T • 

Since the scale factor of length , is always 
greater than unity for practical geotechnical 
models, only two types of models, when they are 
classified with respect to the magnitude of the 
scale factors, are possible in the modeling of such 
problems. They are (a) models in which the scale 
factor of the specific force E; is greater (or 
smaller) than 1 and (bl models in which the scale 
factor of the specific force E; is equal to 1. 

The first type of modeling requires that the 
failure envelopes of the model and prototype mate
rials must be geometrically similar with respect to 
the origin of the axes in the Mohr diagram, as shown 
in Figure la OJ, according to the following rela
tions: 

a= ~a' (2) 

At the same time, the stress-strain curves of the 
prototype and model materials must also correspond 
as shown in Figure lb, according to the following 
relations: 

a= ~a · f=f (3) 

In earth structures, however, it is extremely 
difficult, if not impossible, to satisfy these two 
critical conditions imposed on the model material. 

In the second case, the material of the prototype 
can be used for the model provided that body forces 
can be ignored when compared with boundary forces. 
However, body forces are almost invariably signifi
cant in soil-mechanics prototype problems, and the 
investigator is then faced with the requirements of 
the similarity of body forces. The scale factor of 
body forces n may be expressed as follows: 

(4) 

where y and y' are the unit weights of prototype 
and model materials, respectively. Subs ti tu ting E; 

= 1 into Equation 4, we obtain the following: 

that is to say, 

y '=y • ;\. 

(5) 

(6) 

Equation 6 implies that the unit weight of model 
material should be as many times greater than the 
length scale , than the unit weight of prototype 
material. Furthermore, th is model material should 
have the same mechanical properties with respect to 
both strength and stress-strain behavior as the 
prototype material, since the scale factor of spe
cific force E; is now equal to unity. Again, it is 
impossible to find such a model material that satis-
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fies these requirements without introducing a spe
cial technique by which the unit weight of model 
material can be increased as many times as required. 

By using a centrifugal modeling scheme, in which 
the material of the prototype is used for the model, 
one can satisfy these requirements. By the defini
tion of the unit weight, y p • s_, where p is 
mass per unit volume and .9. is acceleration of the 
gravity force. Substituting this into Equation 6, 
we get the following: 

·y'= p , g. ;\. = p , a (7) 

where a = >. • .9.. Therefore, if the magnitude of 
the acceleration of the gravity force .9. can be 
magnified as many times as the scale factor of 
length >. in the model system, the principles of 
similitude will be satisfied. The magnification of 
the acceleration field can be achieved easily in a 
centrifuge, where a centrifugal acceleration of the 
force of inertia is generated. 

EQUIPMENT 

The centrifuge used in this investigation is a 
modified version of the Genisco Model 1230-5G accel
erator at the University of Colorado. The centri
fuge system is shown in Figure 2. The effective 
radius of the centrifuge is 53.5 in measured to the 
base of the swinging basket, and the weight capacity 
is 20 000 .9.-lb. The essential features of this 
centrifugal system are described below. 

Of the two swinging baskets hinged to the ends of 
the rotating arm, one (3, Figure 2) was used to 
mount the test package consisting of a specimen 
container (4) and a mirror system (5). The other 
(6) was used as a counterweight mount to balance the 
centrifuge dynamically as well as statically. The 
maximum dimensions of the allowable test package on 
the basket are 18xl8xl2 in. 

The closed-circuit television camera is mounted 
close to the centrifuge axis and is focused on the 
test package through the mirror system so that the 
behavior of a model structure in the specimen con
tainer during the experiment can be observed. The 
experiment can be recorded by a video tape recorder 
outside the centrifuge. In addition, two hydraulic 
rotary joints are available in this system for 
hydraulic power transmission into the centrifuge for 
driving jacks, for instance, but they were not used 
in these experiments. 

TEST PROGRAMS AND PROCEDURES 

Three series of plane strain slope models were 
constructed and tested in the centrifuge. The 
slopes in each series had a similar geometry with 
the same slope angle (60°) but with different 
heights (8, 4, or 2.67 in), as shown in Figure 3. 
Two kinds of granular soils, identified as A and B, 
were used in the construction of slopes. They were 
artificially batched in the laboratory according to 
the gradation curves, which were chosen arbitrarily, 
For both soils, 5 percent of moisture was introduced 
to create the apparent cohesion as a result of the 
negative pore-pressure development. 

The specimen co~tainer has the inside dimensions 
16xll.5x6 in. The front wall of the container was 
made of lucite plate 1 in thick so that a model 
slope inside the container could be seen through the 
wall, while the other three walls and the base were 
made of aluminum plate 0.5 in thick. The lucite 
wall has a l-in 2 grid scribed on its inside sur
face, which is used as a datum for marking the shape 
of the failure surface after a slope failure. Wood 
forrnworks of three sizes were used to define the 
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geometries of the model slopes. 
The model slopes were constructed in the follow

ing manner: 

1. The container was laid her izontally with the 
front lucite wall removed. 

2. A wood formwork was clamped down in the proper 
position according to the specified geometry of the 
slope to be built. 

3. Dry soil and 5 percent of water by weight were 
mixed, and the mixed soil was compacted in layers in 
the specimen container. 

4. The lucite wall was attached to the container, 
which was then erected to its testing position. 

After being located in the centrifuge, slope test 
models were accelerated by increasing the rotational 
velocity of the centrifuge until failure. Each 
individual test was monitored by the TV video system 
through the failure stage. 

MODEL TEST RESULTS 

If the scaling relations derived from the principles 
of similitude are to be observed in centrifugal 
model testing, all three series of the model slopes 
of similar geometry, built of the same soil at the 
same density, should predict identical prototype 
behavior in terms of the critical height of the 
slope, which can be obtained by the following ex
pression: 

H~ = Hm x (a/g) (8) 

where HP is the predicted critical height of the pro-
c 

totype slope, Hm is the height of the model slope 
at failure, when the centrifugal acceleration 
reached the value a, and .9. is the acceleration of 
the gravity force. However, the densities of the 
soils in the test models could not be controlled 
exactly for all the model slopes tested in this 
study; therefore, the critical heights calculated 
would not all be identical but are a function of 
soil densities, as the strength of soils is. With 
th is in mind, the results of the three series of 
model tests listed in Tables 1 and 2 and plotted in 
Figures 4 and 5 can now be examined. 

In Figures 4 and 5, best least-squares-fit lines 
are drawn through the data points of each series of 
models. It is noticed from the fitted lines that 

there is a trend showing that the Hp values increase 
C 

as the density of the slope soil increases, as 
expected. 

Comparisons are made among the results of the 
three series at the middle of the density range, 
108 .5 pcf and 101.0 pcf for soils A and B, respec
tively. At that density, the aver age value of the 
predicted critical height is calculated from the 
fitted lines, and deviations from this average for 
each of the three model scales are calculated. Thus, 
it is shown in Figures 4 and 5 that the 4-in model 
predicted a critical height of the prototype to be 
8 .3 percent higher and the 8-in model predicted a 
height 11.5 percent lowec than the average value for 
soil A, while for soil B the predicted critical 
height by the 2 . 67-in model is higher by 6.2 percent 
and that by the 8-in model is lower by 10.2 percent 

than the average value of the Hp at the soil density 
C 

of comparison. Such scatter is considered to be neg
ligible in engineering applications, and it is con
cluded that all three series of the model slopes 
predict identical prototype behavior in terms of its 
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Figure 2. Centrifugal system used in experiments: 1, slip-ring assembly ; 
2, closed-circuit TV camera; 3, test package basket; 4, specimen container; 
5, mirror system; 6, counterweight basket . 

Figure 3. Configuration of model slope . 

2 ,I or 
Jin. 

1 7.4, 5.7or 6.5 in 

f-l""l, 8, 4 or 2.67 in. 

16in --------- ---a 

critical height. Thus, the concept of modeling of 
models is confirmed, 

In Figure 6, the failure sue face observed from 
the centrifugal slope model tests is shown in the 
form of a band bracketing the locations observed in 
all the tests. This will be compared later with the 
failure surfaces obtained by analytical methods. 

SLOPE STABILITY ANALYSIS BY ANALYTICAL METHODS 

To examine quantitatively the validity of the re
sults of the centrifugal slope model tests, the 
s tability problem of the centrifuged slope is solved 
by the analytical methods such as the upper-bound 
method in limit analysis, the finite-element method, 
and the simplified method in limiting-equilibrium 
analysis, and the results of these analyses are 
compared with the model test results. 

Limit Analysis 

In solving the stability problem by the upper-bound 
method in limit analysis, a rotational failure 
mechanism is assumed i n this study, as shown in 
Figure 7, in which the failure surface passes 
through the toe of the slope, In Figure 7, the 
triangular region ABC rotates as a rigid body about 
the center of rotation O; the materials below the 
logarithmic surface BC remain at rest. 

To obtain an upper bound foe the critical value 
of the height of the slope in Figure 7, the external 
rate of work done by the soil mass ABC is equated to 
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Table 1. Test results for soil A. 

Specimen 
Number 

8-in Model 

A-8-1 
A-8-2 
A-8-3 
A-8-4 
A-8-5 
A-8-6 
A-8-7 
A-8-8 
A-8-9 
A-8-10 

4-in Model 

A-4-1 
A-4-2 
A-4-3 
A-4-4 
A-4-5 

2.67-in Model 

A-8/3-J 
A-8/3-2 
A-8/3-3 
A-8/3-4 
A-8/3-5 

Unit 
Weight 
(pcf) 

]09.21 
109.21 
I 08 .55 
109.21 
109.21 
107.89 
I l 1.84 
110.26 
109.67 
107.81 

107,62 
107.62 
I 05 .96 
109.27 
107.28 

108.94 
106.50 
107 .32 
108.94 
106.SO 

a/g at 
Failure 

32.3 
29.1 
25.2 
24.4 
30.3 
21.2 
41.4 
30.3 
27 .5 
27 .5 

54 ,5 
67.S 
43.3 
65 .7 
52 .2 

105.8 
70,8 
74 0 
86.4 
61.5 

Predicted 
Hf (in) 

258.4 
232 8 
201.6 
J 95 .2 
242.4 
169.6 
331.2 
242.4 
220.0 
220.0 

218.0 
270.0 
173 .2 
262.8 
208.8 

282.5 
189.0 
197.6 
230.7 
164.2 

3Water cnnlent was measured immediately afler testing. 

Table 2. Test results for soil B. 

Unit 
Specimen Weight a/g at Predicted 
Number (pcf) Failure H~ (in) 

8-in Model 

8-8-1 IO 1.32 18.0 144,0 
B-8-2 101.32 17.3 138.4 
B-8-3 101.84 17.6 140.8 
8-8-4 100.66 16.4 131 .2 
8-8-5 101.32 20.9 l 67.2 
8-8-6 101.32 23.4 187.2 

4-in Model 

B-4-1 98.68 32.1 128.4 
8-4-2 100.00 39.4 157.6 
8-4-3 100.66 37.0 148.0 
8-4-4 100.66 43 .8 175.2 
B-4-5 101.32 45.3 181.2 

2,67-in Model 

8-8/3-1 I 01.63 64.5 172.2 
8-8/3-2 100.81 57.9 154 .6 
8-8/3-3 99.19 52 .8 141.0 
8-8/3-4 100.00 70.8 189.0 
B-8/3-5 100.81 72.7 194.1 

'\vater content was measured immediately after testing. 

Water 
Content" 
(%) 

4.72 
4.42 
4.05 
4.85 
3.94 
3.66 
4.29 
4.92 
5.41 
4.68 

4.69 
4.58 
4.43 
5.07 
5.4 7 

4.55 
5.26 
4.28 
4,12 
4.63 

Water 
Content" 
(%) 

4.73 
4.74 
4.80 
4.43 
4.57 
4.46 

5.05 
4.62 
4.96 
4.41 
4.93 

4.60 
5.19 
4,72 
4.51 
4.48 

the internal energy dissipation along the surface 
BC, which gives the following expression (1): 

where the 
follows: 

function is defined 

f(Ob, 0 1) = { exp [2(1/b -11.) tan¢] /2 tan¢(f 1- f2 - f3 ) }{sinllb exp ((lib 

as 

-11 1)tan¢] -sinll1 } (1 0) 

in which Bb and Bt are as defined in Figure 
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Figure 4. Results of centrifugal slope model tests, soil A. 
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Figure 5. Results of centrifugal slope model tests, soil B. 
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7, $ is the friction angle, and the 
expressions hold: 

following 

f1 (lib, li1) = [1/3(1 + 9 tan2q,)) (3 tan</> cos/ib + sin/ib) exp[3(/ib 

- Iii) tan</> - (3 tan</> cos/i1 + sin/i1)] 

f2(/ib, Ii 1) = ( !/6)(L/r1) [2cos/i 1 - (L/ri)] sin/i 1 

f3(/ib, li1) = (1/6) exp[(/ib - Iii) tan</>) [sin(/ib-/i1)(L/r1) sinlib] cos/i1 
-(L/r1) + cos/ib [exp(/ib - li1) tan</>) 

Land rt are also defined in Figure 7. 

(11) 

(12) 

(13) 

A least upper bound for the critical height of 
the slope may be obtained by finding a minimum value 

Figure 6. Failure surface of centrifugal model slope. 

Figure 7. Failure mechanism for stability of embankment with failure plane 
passing through toe. 

B 

H Log -Spiral Failure Plane 

of the function f(eb,8tl, i.e., 

11 

He= (ch) min[f(/ib, li 1)) = (ch) N, (14) 

where Ns min[f(8b,8tll, and it is known 
as a stability factor of slope. The NS-values for 
various geometries and friction angles may be found 
in the study by Chen (2). 

With Ns known, ~ least-upper-bound critical 
height of a slope can be calculated by Equation 14. 
However, it is observed from the model test results, 
as shown in Figure 6, that the failure surface of 
the model slopes did not pass through the toe but 
passed through a point approximately 20 percent of 
the height of the slope above the toe. Therefore, 
to obtain the least-upper-bound critical height of 
the centrifuged slope, a factor of 1. 25 was applied 
to the solution obtained by Equation 14 to take into 
account the fact that the failure surface passed 
approximately 20 percent of the actual height of the 
slope above the toe. In this manner, the least
upper-bound critical heights of the centrifuged 
slopes were calculated at three different densities 
for both soils and are given in Table 3. For these 
calculations, soil strengths obtained from tr iaxial 
testing reported by Kim (l_) were used. 

Finite- Element Analys i s 

The finite-element method (FEM) was used to find a 
lower-bound solution for the given slope problem. 
The lower-bound theorem of the limit analysis can be 
stated as follows: If a state of stress can be 
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Table 3. Results of limit analysis. 

Density Cohesion 
'Y (pc[) C (psi) Ns tt; (in) H • 

C 

Soil A 

106.0 0.56 20.26 185.0 231.3 
108.0 0.66 23.02 243.1 303.9 
110.0 0.76 25.88 309.0 386.3 

Soil B 

99.5 0.5 1 18.48 163.7 204.6 
100.5 0.54 19.35 179.7 224.6 
10 1.5 0.57 20.19 195.9 244.9 

8Equals I .2SxH~. 

found that satisfies the stress equilibrium and 
boundary conditions and that does not exceed the 
yield condition, then no collapse occurs. By the 
FEM, a state of stress can be found that satisfies 
the stress equilibrium and boundary conditions, 
Therefore, if the maximum loading condition is found 
that induces a state of stress without violating the 
yield condition anywhere in the structure, it will 
provide the highest lower-bound solution. 

An eight-node isoparametric quadrilateral fi
nite-element program SLOPE was developed for the 
slope stability analysis durin_g the course of this 
investigation. In the program SLOPE, nonlinear 
stress-dependent stress-strain behavior of soil was 
approximated by a hyperbolic function (4,5), and the 
incremental tangential Young's modulus -E-was evalu
ated by differentiating the function (.§), Poisson's 
ratio was assumed to be 0,35, which is a typical 
value for partly saturated soils. 

In th is analysis, failure of an element is as
sumed to occur when the magnitude of the shear 

Figure 9. Trial failure surfaces of finite-element analysis. 

Tria Sixface (I )• Failure Surface 

(3) 
...._ ___________ .......-; 

I. 1.04 4.90 2.88 

Ll2 I. 21.19 4.97 
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Figure 8. Mohr circle plot for calculation of factor of safety. 

.. 

J 
(/) Failure Stress · State 

0 
Normal ~tress , o 

stress developed in an element reaches that of the 
shear strength, A factor of safety is defined as 
the ratio of the maximum shear stress induced to the 
maximum shear stress allowable, which can be vis
ualized on a two-dimensional Mohr circle plot as 
shown in Figure 8, In Figure 8, the ratio of the 
radius of the small circle representing the actual 
stress state induced to the radius of the larger 
circle representing the stress state at failure 
represents the factor of safety. 

A failure surface is obtained from the factors of 
safety calculated for assigned elements by finding a 
continuous line connecting the combination of ele
ments having the smallest overall factor of safety. 
The continuous line forming a failure surface is 
assumed to be a circular arc that passes through the 
top crest of the slope. The overall factor of 
safety for the entire failure surface Fs can be 
calculated by the following expression (2): 

n 
F, = I: (QJL)f,; ( 15) 

I= I 

21.08 9.35 

1.73 2.89 

1.29 1.84 

L23 1.58 

1. 16 1.33 

1.12 1.18 

1.12 1.09 

1.65 Ll7 1.04 

2.07 L23 1.03 



Transportation Research Record 872 

Figure 10. Failure surfaces obtained by SNOB for soils A and Bat various 
densities. 

Figure 11. Comparison of results in terms of Hf for soil A. 
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where 

fsi factor of safety of element i along fail
ure surface, 

ti length of failure surface through ele
ment i, 

L total length of failure surface, and 
n = number of elements on failure surface. 

Four trial failure surfaces of circular arcs, 
which were selected so as to pass through the ele
ments having smaller fsi 's than those of the 
surrounding elements, are shown in Figure 9. Also 
shown in Figure 9 is the fsi of each element at 
the critical point when any of the elements in the 
slope fir st reached an fsi equal to or less than 
unity on increased gravity loading. The overall 
Fs 's of surfaces 1, 2, 3, and 4, calculated by 
Equation 15, were 1.29, 1.41, 1.50, and 1.57, re
spectively. Thus, surface 1, which has the smallest 
failure surface, is chosen to be the failure surface, 

Since the procedure of incremental loading by 
body forces is employed in this method, the critical 
height of the slope is not directly determined, but 
the increased unit weight of the soil at the criti-

Figure 12. Comparison of results in terms of Hf for soil B. 
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Figure 13. Comparison of failure surfaces • 
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Model Tests 

cal point is known, from which the equivalent criti
cal height may be calculated by the following equa
tion: 

(16) 

where 

Hm height of a numerical model, 
y initial unit weight of soil in model, and 

Yf unit weight of soil at critical point. 

The critical heights predicted by the FEM at three 
different densities of the two soils are given below: 

Critical 
Density Height 

Soil l: (Ecfl He (in) 
A 106.0 120 

108,0 168 
110.0 216 

B 99.5 104 
100.5 112 
101.5 128 
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Limiting-Equilibrium Analysis 

The limiting-equilibrium slope stability program 
SNOB (stability--New York and Bishop) (__!!,2_), which 
uses the simplified Bishop method of the analysis, 
was used to analyze the slopes for which the heights 
had previously been determined by limit analysis. 
Failure surfaces giving the minimum Fs 's were 
obtained by an automatic searching method provided 
by SOOS and are shown in Figure 10, Soil types and 
densities for each failure surface are as follows: 
1, soil B at 99.5 and 100.5 pcf; 2, soil A at 108.0 
pcf; 3, soil A at 106,0 pcf and soil Bat 101.5 pcfr 
and 4, soil A at 110 .O pcf. It is observed that the 
location of the failure surface is not very sensi
tive to the small changes of the densities of soil. 
Therefore, failure surface 2 will represent the 
failure surfaces when they are compared with those 
obtained by the FEM and the centrifugal model tests. 
The average minimum Fs of the slopes predicted by 
the limit analysis was 0.99. Since the slopes 
analyzed by the limiting-equilibrium method had the 
same height as that calculated by the upper-bound 
method of limit analysis, this implies that the 
simplified Bishop method used also produces upper
bound solutions. This is not generally the case, 
since in most limiting-equilibrium analyses, equi
librium (either force or moment) is not satisfied. 

MODEL TEST RESULTS VERSUS ANALYTICAL SOLUTIONS 

The er i tical heights of prototype slopes predicted 
by the upper-bound method of limit analysis and the 
lower-bound method of finite-element analysis are 
plotted against the densities of slope soils in 
Figures 11 and 12 for soils A and B, respectively; 
the centrifugal model test data are also shown. It 
is observed from Figures 11 and 12 that all the data 
points of the centrifugal model tests, in spite of 
the relatively large scatters, lie between the upper 
and lower bounds obtained by limit analysis and 
finite-element analysis, respectively. It is thus 
concluded from the observation that in slope sta
bility the centrifugal model testing scheme gives 
consistent results with those of analytical methods 
such as limit analysis and finite-element analysis 
in terms of the critical height of a slope, 

The failure surfaces obtained by the FEM and 
computer program SNOB are shown in Figure 13 super
imposed on the failure surfaces observed in the 
centrifugal model tests, which are shown as con
tained in the band indicated, In general, the 
failure surface of a slope belongs to one of three 
different modes depending on whether it passes 
through the toe, below the toe, or above the toe of 
the slope, It is observed in Figure 13 that all the 
failure surfaces shown belong to the same mode 
passing above the toe, are shallow in depth, and are 
located sufficiently close to each other to allow us 
to conclude that the centrifugal model testing 
scheme also gives consistent results with those of 
the FEM and the simplified Bishop method in terms of 
the location of the failure surface. 

DISCUSSION AND CONCLUSIONS 

In both the centrifugal model tests and the finite
element analysis, the loading was applied as in
creasing gravity forces on the structure, Although 
such loading is certainly not the same as that in 
the case of an actual slope constructed incre
mentally, it has been shown by finite-element analy
sis (10) that the two methods of load application do 
not make much difference in the predicted er i tical 
slope height. By the same token, it can thus be 
argued that centrifugal tests of constructed models 
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would produce similar results as tests in which the 
model is built up while the centrifuge is in flight. 
The latter is, of course, a much more difficult 
experiment to perform. 

From the results of the investigation reported in 
this paper, it can be concluded that centrifugal 
modeling of slope stability problems gives self-con
sistent results. Quantitatively, the model test 
data also agree well with the results from well-es
tablished methods of analysis, 

Although centrifugal modeling as a tool is be
coming familiar to the geotechnical engineer, it 
should be pointed out that there are several ways in 
which it could be used. A centrifuge can be used to 
model a prototype design by constructing a model of 
it to include all the necessary details. A large 
centrifuge, of several hundred ~-ton capacity, would 
be required, In the absence of such large facili
ties, small centrifuges of the size used in this 
investigation can still be used to test models to 
gather data for the validation of analytical 
methods. The analyses can be performed to simulate 
the test conditions in the centrifuge experiments in 
which the material properties and loading and bound
ary conditions are known exactly. In this manner, 
the feedback from the comparison between test data 
and analytical results can lead to an improvement in 
the design methods. Finally, centrifuge experiments 
can also be conducted for the purpose of observing 
the phenomena that could take place in the test 
structure under proper simulation of the gravity 
stress gradient. When such phenomena are properly 
understood, numerical models can be formulated to 
incorporate such effects into analysis and design. 
The operation of small centrifuges is inexpensive 
and many experiments can be run for parametric 
studies. It is foreseen that in the near future 
such facilities will be available to many geotechni-. 
cal engineers for the purposes just described. 

REFERENCES 

1. E, Fumagalli. Statical and Geomechanical 
Models. Springer-Verlag, Vienna, 1973. 

2, w.F. Chen. Limit Analysis and Soil Plasticity, 
Elsevier Scientific Publishing Co., New York, 
1975. 

3, M.M. Kim, Centrifuge Model Testing of Soil 
Slopes. Department of Civil Engineering, Univ. 
of Colorado, Boulder, Ph.D. thesis, 1980, 

4. R.L. Kondner. Hyperbolic Stress-Strain Re-
sponse: Cohesive Soils. Journal of Division of 
Soil Mechanics and Foundation Engineering of 
ASCE, Vol, 89, No. SM 1, Proc. Paper 3429, 1963, 
pp. 115-143. 

5. R.L. Kondner and J,S, Zelasko. A Hyperbolic 
Sands. Proc., 

on Soil Mechanics 
Brazil, Vol. 1, 

Stress-Strain Formulation for 
Second Pan American Conference 
and Foundation Engineering, 
1963, pp. 289-324. 

6. J.M. Duncan and C,Y. Chang, Non-Linear Analysis 
of Stress and Strains in Soils. Journal of 
Division of Soil Mechanics and Foundation Engi
neering of ASCE, Vol. 96, No. SM 5, 1970, pp. 
1629-1653, 

7, E. L. Corp, R. L. Schuster, and M.M. McDonald. 
Elastic-Plastic Stability Analysis of Mine-Waste 
Embankments. U.S. Bureau of Mines, RI 8069, 
1975, 

8. S.J. Hasselquist and R.L. Schiffman. A Computer 
Program for Slope Stability: New York State and 
Simplified Bishop Method. Computing Center, 
Univ. of Colorado, Boulder, Rept. 74-5, 1974. 

9. R. M. Leary. Computerized Analysis of the Sta
bility of Earth Slopes. Bureau of Soil Me
chanics, New York State Department of Transpor-



Transportation Research Record 872 

tation, Albany, Soil Design Procedure SDP-1, 
1970. 

10. I.M. Smith a nd R. Hobbs . Finite Element Analy
sis of Centrifuged and Built-Up Slopes . Geo-

technique, Vol. 24, No. 4, 1974, pp. 531-559. 

Publication of this paper sponsored by Committee on Mechanics of Earth 
Masses and layered Systems. 

15 

Rectangular Open-Pit Excavations Modeled in 

Geotechnical Centrifuge 
0 . KUSAKABE AND A.N. SCHOFIELD 

Tests of models made of soil in geotechnical centrifuges have become accepted 
as a method of study of mechanisms of ground deformation with less expense 
or delay and with more control of ground conditions than tests of prototype 
scale. Centrifuge test results are reported for four different rectangular open 
pits excavated rapidly in saturated clay soil of uniform strength with depth. It 
is found that the mechanism by which such excavation will cause road pave
ments and buried services to fail will fit the axisymmetric mechanism, where 
the upper part of the pit wall tends only to move vertically and the wall move
ment is dominated by plastic deformation of the lower part of the pit wall. 
Support in the upper region will have little effect on this axisymmetric 
mechanism, and the stability of the pit will be controlled by the strength of 
the ground near the base of the excavation. The observed mechanism induces 
tension in the upper portion of the ground and induces compression failure at 
depth . Flexible road construction is rather weak in tension, so the observed 
mechanism is probably relevant to pits passing through a flexible road construc
tion and entering a lower layer of soft ground. 

The excavation of trenches or o f pits in roads can 
cause damage to road pavements or to buried services 
beside the excavation. Gr ound movements at tailure 
can be fitted to failure mechanisms of the theory of 
plasticity. Studies of ground movements before 
failure show that the incipient failure mechanism is 
established well before failure occurs and that dam
aging ground movements increase rapidly as the fac
tor of safety against failure is reduced. Tests of 
models made of soil in geotechnical centrifuges have 
become accepted as a method of study of mechanisms 
o f ground deformation with less expense or delay and 
with more control of ground conditions than tests of 
prototype scale. This paper is concerned with the 
model i ng of rectangular open p i ts excavated rapi dl y 
in saturated clay soil of uniform strength with 
depth. 

The failure of a long trench is illustrated in 
Figure la, with a vertical face ABC moving down into 
the trench as soil slips on an inclined plane CD and 
a tension crack DE opens. The failure of a circular 
shatt is illustrated in Figure lb and le. In the 
rapid undrained failure (Figure lb), the lower por
tion BC of the vertical face squeezes in and an an
nular ring ot soil of section BCD is plastically 
compressed and deformed. Above the plastic zone BCD 
a rigid b lock ABDE descends vertically; there is 
shearing on DE as well as on CD, on DB, and within 
BCD (1). In the long term, shown in Figure le, a 
sha f t-that is safe against rapid failure may exhibit 
a crack at B and subsequently begin to cave in. 
This paper reports tests of four different model 
rectangular open-trench or pit excavations; their 
behavior can be compared with these plane and axi
synune tr ic cases, 

The tests used Speswhite kaolin clay soil recon-

stituted from a slurry. It was consolidated with 
vertical effective stress ov' 140 kN/m• and 
allowed to swell back into equilibrium in centrifuge 
flight with stresses O ,;; ov' < 140 kN/m 2 

as shown in Figure 2. When rapidly sheared, such 
soil has shear strength 24 < Cu < 32 kN/ m2 

throughout the model depth. In such rapid shearing 
the effective mean nor mal stress in the clay 
approaches a critical state pressure (in this case, 
say, p' 62 kN/m 2 ) and the pore-water pressures 
take whatever value is needed to balance externally 
applied total pressure. In the longer term, excess 
pore-water pressure gradients will lead to the flow 
of pore water. A point of particular interest in 
these tests is the obser vation of pore-water pres
sure changes in the clay during and after the pro
cess of excavation, 

CENTRIFUGE MODEL TEST SYSTEM 

In centrifuge model tests, the weight of soil is in
creased and the scale of the model is reduced, both 
by a factor n (2), The result is identical similar
ity at corresponding points in a model and in a no
tional full-scale prototype of the total and effec
tive stresses and strains in the soil and of the 
pore-water pressures. In addition, the reduction of 
model scale by a factor of n means that pore-water 
diffusion to achieve a given time factor (Tv 
Cvt/ h 2 in Terzaghi 's consolidation theory) re
quires times ~ in the model greatly reduced in 
c omparison with t imes tp in t h e prot otype i n the 
rat i o ytp = l / n 2 • In this paper, t es ts will 
be reported with axe s on gr aph s both at t h e model 
and at the notional prototy pe scale, Details of the 
model excavation dimensions are shown in Figure 3; 
positions of pore-water pressure transducers (PA, 
PB, and PC) and of displacement transducers [linear 
variable differential transformers (LVDTs), LR, LS, 
and LT] are shown in the plan for each model at mod
el scale. 

The models were made in a circular tub of inter
nal diameter 850 nun (designated 1 in Figure 4). The 
clay (2) was consolidated and the pit (3) excavated 
and lined with a rubber bag (4) containing a bag 
pressure transducer (5). The bag was filled with a 
heavy fluid zre12 solution (}). Pore-water trans
ducers A, B, and C had been consolidated into posi
tion 7. Lead powder threads were injected into the 
clay (8), and lead shot was placed on various sur
faces. These would allow study of deformation dur
ing dissection of the model. In flight there were 
LVDT measurements that followed surface movements. 
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In flight the upper surface of the clay was partly 
covered by water maintained at a constant level Das 
sensed by a transducer (10). A cross beam (11) car
ried transducers and a junction box (12). After the 
models were made, the system was brought into equi
librium with about 9 h of centrifuge flight. The 
process of excavation was modeled by draining the 
zre1 2 solution down a vertical pipe (13). A sole
noid valve (14) controlled the dumping of the 
zre1 2 solution into a reservoir (15). A second 
solenoid valve (16) isolated the surface level in a 
first reservoir (17), maintained from the slip-ring 
supply pipe (18), from the excavation base where 
there were filter papers (19) below the rubber bag. 
The excavation base drain pipe (20) was connected to 
a second reservoir (21), originally maintained at 
the same level (D) as the first reservoir. But on 
dumping, the level in the second reservoir fell to 
E, the excavation base level. It was significant to 
know the rate at which water seeped from the ground 
into the excavation and into the second reservoir, 
so a third reservoir (22) with a pressure transducer 
in it and a control valve (23) was placed between 
the second reservoir (21) and the waste pipe (24). 

Features of the test system can be seen in Figure 
5. 

RECXJRD OF TEST 2 

After a 9-h consolidation run in the centrifuge to 
monitor pore-water pressure and settlements and see 
when equilibrium was achieved, the excavation pro
cess was carried out. The excavation process was 
simulated by dumping the znc12 solution from the 
rubber bag in flight. The time required for excava
tion varies according to the size of the pits exca
vated. In these tests under a centrifuge accelera
tion of 75 .9., from 15 to 30 s was needed, which 
corresponds to between one and two days at the no
tional prototype scale. 

A magnetic tape recorder capable of recording a 
maximum of 14 channels simultaneously was used to 
record data from the pore-water pressure and settle
ment gauges. Figure 6 shows the data from pit test 
2 plotted again st time. As may be seen in Figure 
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6a, the bag pressure (measuring the zne12 solution 
pressure at the base of the pit) fell to approxi
mately 10 kN/m2 within 18 s and then gradually in
creased with time. After the centrifuge had been 
stopped, it was observed that the lower part of the 
pit wall was closed up and the bag pressure trans
ducer was trapped, which probably explains the sub
sequent rise in the bag pressure. 

The first change in settlement to occur (up to 
about 10 s) during the reduction of the bag pressure 
is very slight, as shown in Figure 6b. Further re
duction of the bag pressure produced a rapid in
crease in the settlement rate. During undrained 
shear deformation of soil, the ground surface set
tlement has to be compensated by the inward movement 
of the pit wall, which is likely to alter the rate 
at which the bag pressure falls. It can be seen in 
Figure 6a that the rate at which the bag pressure 
falls has changed after about 10 s. After comple
tion of the excavation, the rate of settlement 

Figure 3. Pit dimensions and positions of LVDTs and pore-water pressure 
transducers. 
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quickly levels oft. Once the base of the pit has 
closed up, there will be little further settlement, 
In this case about 4.0-4.5 mm of surface settlement 
near the pit seems enough to make the base of the 
pit close. Since the pit width is 40 mm, the hori
zontal displacement of each pit wall needs to be 20 
mm. Therefore, it appears that the rate of horizon
tal movement at the pit-wall base is about four to 
five times faster than that of the surface movement 
near the pit. 

Figure 5. Centrifuge model system. 

Figure 6. Data from pit test 2 
versus time . 
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Figure 6c presents pore-water pressure changes 
during the test: They fall as the bag pressure 
drops. At about 14 s, a rapid change in the rate of 
fall of; the pore-water pressure appears. This =r
responds to the start of the steepest part of the 
settlement rate. Pore-water pressure suction is de
veloped in soil during the development of a rupture 
plane. 

Figure 8. Pore-water pres
sure change with excavation 
depth. 
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after excavation. 

Figure 10. Settlement profile 
change with time. 

Figure 11. Wall movements. 
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PORE-WATER PRESSURE CHANGES 
AND SETTLEMENT RATES 

Figure 7 shows how the pore-water pressures and set
tlements change with the excavation depth for pit 
tests 1, 2, and 3. The settlements remain small 
values until the excavation depth reaches about 100 
mm. During this period, a linear relationship be
tween the excavation depth and the fall in pore-wa
ter pressure can be noticed. 

It is important for those engaged in practical 
excavation work to appreciate that saturated clay 
soil is a granular material and that whenever it 
stands with an exposed vertical face there is a suc
tion in the pore water. The safety of the excava
tion depends on the ability of soil to "hold its 
breath" for a time, and it is often only a matter of 
a short time before pore-water suction decays, as is 
clear from the record in Figure 6c. Also, in the 
undrained deformation the magnitude of the suction 
that is generated will be greatest where the 
greatest shear stress is mobilized. 

In the test of pit 4, the pore-water pressure 
changes in the two directions (perpendicular to the 
long side and to the short side of the pit but at 
the same depth) were measured as is shown in Figure 
8. The pore-water pressure change in the Z direc
tion is larger than that in the Y direction. This 
is consistent with the trends illustrated in Figure 
7, that is to say, the large face of excavation re
sults in the large total stress change and causes 
the large pore-water pressure change in the vicinity 
of the excavation: the longer side is subjected to 
the larger deviator stress. 

EXTENT OF DAMAGE 

Soil engineers are always concerned about a subsi
dence of the surrounding area induced by excavation 
work. According to Peck (4), in the problem of 
plane-trench excavation in - soft clay ground, the 
settlement may extend as far as tour times the exca
vation depth. The settlement damage zone for an 
axisymmetr ic excavation is smaller than that for the 
plane-trench excavation. In the case of our rectan
gular open pi ts, Figure 9 shows the settleme.nt pro
files (on a line perpendicular to the longer face} 
at the moment of completion of the excavation for 
pits 1, 2, and 3. It is apparent that as the side 
length of the pit increases, the settlement profile 
has a flatter shape and the depression zone extends 
farther, al though it does not extend beyond one ex
c'avation depth so far as this series of tests is 
concerned. 

Pit 4 was left standing (with steady slow seepage 
into the excavation) for 1 h, corresponding to 7 .B 
months in the notional prototype scale. Figure 10 
presents the change of settlement profiles during 
this period, Here the surface settlement results 
not only from the inward displacement of the pit 
wall but also from the compression of the soil due 
to the lowering of the ground-water level. At the 
moment the excavation is completed, the settlements 
in both directions are very small, less than O. 3 mm, 
indicating no signs that large deformations have 
taken place during the excavation. Subsequently the 
settlement gradually increases and reaches more than 
4 mm (0.3 m in the prototype scale} at the point 
near the pit edge after 60 min (7 .8 months in the 
prototype scale). The settlement becomes more lo
calized toward the pit edge and its shape becomes a 
reverse dome shaped with time. This may be because 
the region nearer the pit is being affected more by 
the lowering of the ground-water level. The depres
sion zone, however, was about the same as those ob
served under undrained conditions. 
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Our interpretation of centrifuge model tests (_~) 
is based on a supposition that the effectively 
stressed soil behaves as an elastoplastic and not as 
a viscous material: All time effects are supposed 
to arise from transient pore-water pressure gradi
ents. It is also supposed that the geometry of the 
failure mechanism is independent of the scale of the 
test. If a full test series were to be under taken 
and reported (at much greater length than is avail
able in this paper), that would normally include 
similar tests at different scales. This modeling of 
models would allow us to check the correctness of 
the supposition that diffusion time in models will 
scale with the square of the dimension scale. 

OBSERVED FAILURE MECHANISM 

For undrained deformations, the surface settlement 
is a direct indication of the wall movement during 
the excavation process. Figure 11 presents the vec
tors of wall movement obtained from observation of 
the movements of the lead shot shown on the X-ray 
radiograph. It is clear that the wall movement is 
dominated by plastic deformation of the lower part 
of the pit wall. For pit 2, for ins ta nee, the maxi
mum horizontal movements in the Y and the Z direc
tions are 27 mm and 16 mm, respectively. Another 
important feature here is that the direction of the 
movement vectors changes with depth from vertical to 
horizontal. This corresponds more to the axisym
metr ic problem in Figure lb and le than to the plane 
problem in Figure la. This is clearly confirmed in 
Figure 12, which shows the radiograph of pit 3 in 
the Z direction, where the lead powder threads show 
clear discontinuities forming a triangular shearing 
zone. 

It is common practice to provide temporary sup
port for the excavation work to prevent collapse of 
the pit wall. However, it is often the case that 
the lower part of the wall is left unsupported. The 
use of support for only the upper part of the wall 
prevents mobilization of the plane failure mechanism 
(Figure la) but not of the axisymmetric failure 
mechanism (Figure lb or le). As may be seen in Fig
ure 1, in the case of axisymmetr ic mechanisms the 
upper part of the wall will tend only to move verti
cally. Support in the upper region would have had 
little effect on a failure such as that illustrated 
in Figure 11. 

Al though in our model tests the upper portion of 
the ground was clay and in a typical road construc
tion the upper portion is made much stronger in com
pression, the observed mechanism induces tension in 
the upper portion and induces compression failure at 
depth. A series of calculations has been made to 
study the significance of cracking of flexible pave
ment layers. Before cracking of the layer, its 
strength not only increases the factor of safety but 
also tends to increase the radius of the critical 
failure mode AE in Figure lb compared with the case 
of a single soft layer. When the layer cracks, it 
acts as a surface load and reduces the factor of 
safety significantly and also reduces the dimension 
AE to the same size as that of the single layer, 
Flexible road pavement construction is rather weak 
in tension, so the observed mechanism probably is 
quite relevant to pits passing through a flexible 
road construction and entering a lower layer of soft 
ground. 

In addition to the loss of strength associated 
with vertical cracks in a pavement layer, it also 
appears to be possible in drained long-term condi
tions for horizontal cracks into the vertical pit 
face to lead to failure. Figure 13 was taken after 
pit 4 was dissected to see the internal deforma
tion. Here a horizontal crack located just above 
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Figure 12. Radiograph of pit 3 Z-direction section . 

Figure 13. Inside view of pit 4 dissected. 

the triangular shearing zone has developed. Further 
tests are required to determine at what stage of the 
centrifuge run this horizontal crack occurred. How
ever, when full-scale pi ts are excavated in ground 
with a high ground-water level, it is sometimes ob-
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served that in the longer term the lower part of the 
pit face is wet and that the seepage flow sloughs 
off the soil from the pit wall. Th is is the start 
of caving, and the debris falls to the full-scale 
pit base just as was observed after the test of 
model pit 4. The phenomenon of caving may be one of 
the er i ti cal design questions for the long-term sta
bility of vertically sided pit excavations and is to 
be the subject of further tests in the current 
ser i es, 

CONCLUSION 

well-instrumented geotechnical centrifuge model 
tests stand as physical events in their own right 
with no less significance to the geotechnical engi
neer than full-scale trials of prototypes. This 
brief series of rectangular-pit excavation models 
forms a small part of a large program. However, 
even from this brief series of tests it is possible 
to deduce that the damage such excavations will 
cause to road pavements and buried services will fit 
the axisymmetr ic rather than the plane mechanism and 
will be controlled by the strength of the ground 
near the base of the excavation rather than the 
strength of the overlying pavement. 
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Preliminary Investigation of Bearing Capacity of 

Layered Soils by Centrifugal Modeling 

A. C. HEADY AND F. C. TOWNSEND 

The bearing capacity of circular footings founded on a sand layer overlying a 
clay layer was investigated by using centrifugal model tests. Model footings 
corresponding to prototypes ranging from 0.6 to 1.5 m were loaded to failure. 
Comparisons between observed model behavior and Meyerhoff's bearing-capa
city theory for layered soils were made. These comparisons showed excellent 
agreement (less than 13 percent), which when considering the sensitivity of 
bearing-capacity coefficients to qi, is well within engineering acceptance . 

Traditional bearing-capacity analysis of footings is 
1 imi ted to homogeneous soils extending to a depth B 
beneath a footing. To overcome this limitation, 
several theories and analyses have been presented. 
Button (.!.l presented a theory for nonhomogeneous 
(layered) soils; however, his analysis was applica
ble to clays only ( ~ = 0°). Reddy and Srinivasan 
(l) extended Button's work to include anisotropic 
strength properties. Desai and Reese (3) applied 
the use of finite-element techniques to analyze the 
bearing capacity of footings founded on various clay 
layers with nonhomogeneous and nonlinear stress
strain properties. Brown and Meyerhof (4) performed 
laboratory model tests to investigate Button's 
theory. These previous investigations only 
considered clay layers, and only recently have 
layers involving friction and cohesion been 
analyzed. Meyerhot and Hanna (5) described analyses 
of footings subjected to inclined load on layered 
soils. Later in 1979, their work on two-layered 
soils was extended to include three layers (6). 
Purushothamaraj, Ramiah, and Rao (7) and Vesic (8) 
have also investigated the subject .- -

As can be seen, the bearing capacity of footings 
founded on layered soils has received considerable 
attention. However, verification of these theories 
is restricted by the inability to perform full-scale 
tests. In this context, centrifugal model testing 
offers a practical means for providing laboratory 
models that when subjected to a gravitational field 
will be in similitude with prototype structures. 

PURPOSE AND SCOPE 

The objective of this investigation was to verify 
Meyerhof 's (_2_) theory for the bearing capacity of 
footings on a sand layer over lying a clay. Th is 
verification was accomplished by performing centrif
ugal model tests on a circular footing founded on a 
sand layer overlying clay. 

DESCRIPTION OF THEORY 

Based on model tests and some field observations, 
Meyerhof (_2-) proposed a semiempir ical theory for two 
cases: layered soil composed of a dense sand layer 
overlying a soft clay and a loose sand overlying a 
stiff clay. 

Case 1: Dense Sand on Soft Clay 

Meyerhof observed that if a footing •rests on a rel
atively thin dense sand layer above a soft clay de
posit, failure may occur by breaking through the 
sand stratum into the clay. An approximate solution 
was developed by considering the failure to be an 
inverted uplift problem. This theory was found to 
hold true when the ultimate bearing capacity ct a 

homogeneous thick bed on sand (qt) is much greater 
than that of the underlying clay deposit (qb). 

According to Meyerhof (_2-), the ultimate bearing 
capacity for a rough strip footing of width B and 
depth Df founded on a dense sand overlying a soft 
clay can be calculated by the following equation: 

q0 = cNc + 2Pp sinli/B + 'YDr (I) 

where 

Pp= 0.5'YH 2 (I + 2Dr/H)Kp/cos/i (2) 

and Kp is the coefficient of passive earth pres
sure and His the depth of the sand layer underlying 
the footing. Meyerhof suggested that the angle o 
may be estimated as O 67~. 

Meyerhof also suggested that a coefficient Ks, 
which represents the punching shearing resistance on 
the vertical plane through the footing edge, can be 
used . This coefficient is related to the cor
responding earth pressure coefficient Kp by Ks tan~= 
KP tano 

This relationsh.ip was found by Caquot and Ker isel 
(10) and is shown in Figure l (9) for various fric
tion angles ~. It is of interest to note that 
Ks increases rapidly with ~ from about one to 
two times the Rankine value of tan• (45 + ~/2). 

By substituting all of the aforementioned values 
into Equation 1, it becomes the following: 

q0 = cNc + 'Y,H2 (l + 2Dr/H) [(K, tan qi )/BJ + 'YDr (3) 

with a maximum value that corresponds to a single 
layer of sand of the following: 

qo ma x = qi = ('Y/2) BN-y + 'YDrNq (4) 

For circular footings of diameter B, depth Df, 
and distance H above the clay surface, the bearing 
capacity can be approximated by the following: 

q0 = I .2cNc + 2'Y,H2 (I + 2Dr/H) [(SK, tanqi)/B] + 'YDr 

with a maximum of the following: 

qo max = q, = 0.3'Y,BN'Y + ')'DrNq 

(5) 

(6) 

The above formula is an extension of the one for 
strip footings by considering the passive resistance 
Pp inclined at O on a vertical cylindrical sur
face through the footing edge. 

The S-factor that appears in the second term on 
the right-hand side of Equation 5 is a shape factor 
governing the passive earth pressure on a cylindri
cal wall. It may be conservatively taken as unity 
(l.Ol, especially for small ratios of H/B. Figure 1 
also shows values of SKs as a function of~. 

For rectangular footings of width Band length L, 
the first and second terms on the right-hand side of 
Equation 3 defined for strip footings should be 
multiplied by (1 + 0.2B/Ll and (1 + B/Ll, respec
tively. This is an approximate interpolation be
tween the values for bearing capacity obtained for 
circular and strip footings. 
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Figure 1. Coefficient 
of punching shearing 
resistance. 

Figure 2. Theoretical 
modified bearing
capacity factors for 
strip footings. 
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Case 2: Loose Sand on Stiff Clay 

In this case the bearing-capacity failure may be 
limited to the sand layer, By considering that the 
ultimate bearing capacity of a thick bed of sand 
(qtl is less than that of a thick bed of clay 
(qb), the bearing capacity of the stratum may be 
estimated by assuming that the sand layer rests on a 
rig id base. The sand layer in th is case may fail 
laterally by a squeezing action. 

The bearing capacity of a rough strip footing 
founded on loose sand overlying a stiff clay layer 
may be expressed as follows: 

(7) 

with a maximum value that corresponds to a single 
layer of clay of the following: 

(8) 

The theoretical modified bearing-capacity factors 
NY' and Nq' that are dependent on <I>, the 
ratio -or---H:/B,-----a m:1- th e degree of roughness of the 
rigid base are shown in Figure 2 (1). One should 
note that these factors increase with <I> from the 
lower limits of NY amd ~ and as the ratio of 
H/B decreases from the deptb ratio of Hf/B of the 
failure surface in a thick bed of sand. 

For the case of circular footings, a solution was 

Figure 3. Theoretical modified shape factors for circular footings. 
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found by considering that in radial planes the 
stresses and shear zones are identical to those in 
transverse planes of a corresponding strip footing: 
i.e., the contact pressure distribution beneath the 
circle may be assumed to be similar to that for a 
strip. Therefore, the bearing capacity may be cal
culated from the following: 

(9) 

with a maximum of the following: 

(10) 

The modified shape factors SY' and sq• are 
given in Figure 3 (11 , These factors decrease from 
the conservative upper limits of s ' = O .6 and 
Sq' = 1 for a thick bed of sand. Al Jo, as <I> in
creases and the ratio H/B decreases, both factors 
tend to similar values for small ratios of H/B. 

For rectangular footings, the bearing capacity 
may be estimated by taking Equation 7 for strip 
footings and multiplying the first term on the 
righ t - hand side by (1 - (l - S ')B/L] and the 
second term by [1 - (1 - Sq'lB/LJ. Y 

If the bearing capacity of the sand (qtl ap
proaches that of the clay (qb), the failure sur
face beneath a footing extending into the clay and 
the shear zones becomes discontinuous at the inter
face, and the bearing capacity may be estimated by 
using an empirical parabolic intersection relation
ship of the following type: 

(I I) 

with a maximum for H/B 0 when q 0 

EQUIPMENT 

The University of Florida geotechnical centrifuge 
was manufactured by the Rucker Cornp,my and is a 
machine with a 1-m radius capable of accelerating a 
25-kg payload to 85 9. (Figure 4). It currently does 
not have a swinging bucket: the model is bolted to 
the end of the arm instead. For these tests, the 
soil was placed in a cylinder 25 cm in diameter. 
Loading of the model footings was accomplished by 
using a double-acting air piston to which regulated 
compressed air was supplied via two hydraulic slip 
rings. The load applied by the air piston was mea
sured by using a miniature 226-kg (500-lb) load 
cell, while deformations were measured by using a 
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Figure 4. Principal layout of the University of Florida centrifuge. 
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Figure 5. Schematic diagram of the centrifuge model. 
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2.54-cm (1.0-in) linear variable differential trans
former (LVDT). The model footing was an aluminum 
disk 19 cm in diameter to which sandpaper was glued 
to provide a rough contact surface. 

SOILS AND MODEL PREPARATION 

The clay base used in the models was kaolinite from 
Edgar, Florida; it had a liquid limit (LL) of 54 and 
a plasticity index (PI) of 24. The optimum water 
content was 26 percent. The sand used was an SP 
with D50 = 0.35 mm, emax = 0.836, and emin = 0.616. 
The <1>-values determined by direct shear tests were 
23° and 40° for the lowest and densest states, re
spectively. However, a correlation presented by 
Schmertmann (11) between <I> and Dr was used to 
estimate <I> for the model tests. 

Model preparation consisted of placing the clay 
base into the model cylinder and statically con
solidating the clay to a pressure equivalent to 
yHN (N = 50 9.) by using a Tinius Olsen loading 
machine. To accelerate consolidation, a thin layer 
of coarse sand was placed in the bottom of the model 
container, and - filter paper was placed over th is 
sand. After consolidation (usually two days), the 
fine-sand upper layer was rained through a No. 30 
sieve from a 1. 5-m height. The sand layer was 4. 5 
cm thick, giving an H/B ratio of 1.5 as recommended 
by Tcheng (lll . 
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Figure 6. Relationships of stress versus deformation for model footings. 
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Since the University of Florida centrifuge re
quires that the model container be mounted perpen
dicular to the radial acceleration plane, a thin 
layer of clay of 2-3 cm was placed on the clay sur
f ace to act as a membrane to prevent the sand from 
spilling out of the container. The influence of 
this layer was calculated as a surcharge. Figure 5 
shows a sketch of the model after completion. 

The soil weights and volumes were measured for 
each phase of model construction, and the corre
sponding densities of each layer were determined 
from them. Subsequent to each centrifuge model, 
test samples were taken from the clay layer and the 
unconfined compressive strength, water content, and 
density were determined. These values are presented 
in Table 1. 

TEST PROCEDURES 

Model tests were performed by assembling the loading 
piston and LVDT to the model footing, observing the 
zero readings, and accelerating the model to the 
test acceleration (either 20, 30, 40, or 50 9.). The 
model was allowed to equilibrate for approximately 5 
min at this acceleration, after which loading was 
initiated by supplying air pressure in 1-psi incre
ments to the air piston, and the load and deforma
tion values were recorded. Loading was continued 
until a sharp increase in deformation corresponding 
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Table 1. Summary of soil properties and 
model dimensions . Soil Property 

Sand Clay 

23 

Footing Dimension 

Pro- Surcharge 
Accel- totype 
eration Footing Thick· 

Test 
No. 

-Ys 
(pcf) 

D, 
(%) 

if>" 
(degrees) 

-Ye Cb 

(pcf) (psf) 
Level Diameter ness °Yq 
(g) B (ft) (cm) (pcf) 

I 
4 
7 
6 

98.3 
91.5 

104.0 
99.6 

73.6 
16.8e 

114.5e 
83.1 

37.8 
32.5 
40.0 
38.S 

a From correlations by Schm1::rtmann (!l). 
bnased oo four U/C tests. 
Cl)r values appear in error. 

Table 2. Comparison of calculated and observed bearing capacities. 

Test 
No. N7 Nq 

I 75.7 47.6 
4 32.7 24.6 
7 I 09.4 64.2 
6 85.1 52.4 

8 Sun:harge thickness x g-h=vel. 
ht·Al, Ul lion 6. 
Cf-:4u1uion Io. 

Ne 

5.14 
5.14 
5.14 
5.14 

San db Claye 
Dr' qt % 
(ft) (psf) (ps[) 

1.25 11 230 1238 
2.76 11 070 9224 
2.87 32 183 1'820 
3.8 32 942 3095 

d11a1.1rc 4 . 
2 

"r'lo l ,2eNe + 27,H (l + 21lr/H) [SK, tan,P/B( + 7qDr (Equation S). 
Fr<Hn Fl;ure 6. 

gJ,~quation 5 + Equution 9 with Hr/B ~ 2. 

H 
SK,d (ft) 

6.8 2.95 
3.5 4.4 
7. 1 5.9 
7 .1 7.4 

to failure was observed. For the tests at highest 
accelerations, it was necessary to provide a bal
ancing pressure to the air piston to prevent the 
increased weight of the footing and ram, prematurely 
loading the model. For these cases, the balancing 
pressure was adjusted to maintain the LVDT readings 
at their original null positions. A total of seven 
tests was performed, of which four were satisfactory 

TEST RESULTS 

The soil and model characteristics are listed in 
Table 1. The parameters used for calculating the 
bearing capacity and the calculated bearing capac
ities are compared with the observed values from the 
models in Table 2. Figure 6 presents the stress
deformation relationships for the various models as 
they were loaded in the centrifuge. 

In all but test 4 (30 ~), a punching failure oc
curred. Observations in the clay layer for all 
tests revealed a heaved section with a diameter of 
approximately SB. 

A comparison of predicted versus observed results 
presented in Table 2 shows excellent agreement. The 
difference was generally less than 20 percent; the 
best agreement was 4 .6 percent for test 1. Con
sidering the sensitivity of the SKs and the 
bearing-capacity coefficients to •• the a greement 
is well within engineering acceptance. For example, 
a value of • = 37.8° instead of 38.5° (test 6) 
will result in a calculated bearing capacity of 
22 794 psf or a difference of -7 percent for this 
test. 

Two test conditions are modeled in this program. 
Tests 1, 6, and 7 are for a dense sand layer over a 
clay layer with varying values of cohesion. For 
these tests, a punching failure was observed. Test 
4 represents a loose sand layer of a stiff clay, and 
no punching failure occurred for this test. The 
increased levels of acceleration (Gl corresponded to 
an increase in model dimensions: thus prototype 

105.2 178 20 2.0 1.9 112.5 
I 14.2 1440 30 3.0 2.8 I 23.8 
106.2 249 40 4.0 2.2 JOI .9 
106.3 439 50 5.0 2.3 103.1, 

Calculated" Obscrvedf 
qo qo Difference 
(psf) (psf) (%) 

9 575 9 135 4.6 
IO 232g 9 410 8.0 
23 104 20 330 12.0 
28 074 24 450 12.9 

footings ranging from 0.6 to 1.5 m were modeled. 

CONCLUSIONS 

The generally good agreement between the test 
data and Meyerhof bearing-capacity theory indicates 
that the testing procedure developed is satisfactory 
for conducting centrifugal model tests to evaluate 
bearing capacity of footings. 

The results show that, at least for the H/B ratio 
of 1. 5, Meyerhof 's bearing-capacity theory for 
layered soils is very good in spite ot uncertainties 
involved in determination of the parameters used in 
his equation. 

The results show clearly that for the tests at 
20, 40, and 50 9., punching failure had occurred. 
But for 30 .9., it seems that a lateral squeezing of 
the sand had occurred. 

Because this study was of a preliminary nature, 
additional model tests involving different shapes 
and H/ B ratios should be more thoroughly investi
gated. 
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Field-Performance Comparison of 
Two Earthwork Reinforcement Systems 

JOSEPH B. HANNON, RAYMOND A. FORSYTH, AND JERRY C. CHANG 

A field-performance comparison of two different earthwork reinforcement sys
tems constructed on Interstate 5 near Dunsmuir, California, is presented. Two 
mechanically stabilized embankment (MSE) walls and one reinforced-earth (RE) 
wall, all of comparable height, were constructed with the same type of backfill 
material. The MSE state system uses welded steel bar mats for reinforcement as 
compared with the flat steel strips of the proprietary RE system. All three walls 
were extensively instrumented. The steel stresses in the MSE bar mats were 
uniformly low; the maximum was 4 ksi as compared with the variable stress 
measured along the RE strips (9.3 ksi maximum). Erection times were com
parable for both systems. The stress patterns developed in the MSE reinforce
ment tend to confirm the premise that MSE can be used with low-quality back
fill, which would offer a significant economic advantage. 

Construction experience in 1972 by the California 
Department of Transportation (Caltrans) with the 
first reinforced-earth (RE) wall in California sug
gested that alternative systems of soil reinforce
ment could possibly provide increased pullout resis
tance. 

In 1973, a large direct-shear device was devel
oped at the Transportation Laboratory of Caltrans to 
measure pullout resistance of various reinforcement 
systems, including the flat steel strips then used 
by the Reinforced Earth Company. The results, pre
sented in some detail in 1977 (1), clearly indicated 
that the mat arrangement increased pullout resis
tance to an extent far in excess of that possible 
solely by friction between soil and earth. The 
failure mechanism observed involved the development 
of a passive pressure wedge of soil rather than the 
slippage or tensile breaks observed with the propri
etary flat steel strips. This introduced the possi
bility of the use of a lower-quality backfill mate
rial, which, at given locations, could offer signif
icant economic advantages. 

During the design of the realignment and widening 
of I-5 near Dunsmuir, California, earthwork re ten-

tion structures were found to be economically feasi
ble at two sites. As a result of an agreement with 
the Reinforced Earth Company, the decision was made 
to construct a system designated as a mechanically 
stabilized embankment (MSE) that used bar-mat rein
forcement with concrete facing for two walls at one 
location. At the second location, a proprietary RE 
wall with concrete facing would be constructed. The 
Dunsmuir project presented the initial opportunity 
to fully evaluate a prototype mat reinforcement sys
tem, including construction characteristics, re
sponse to load, cost, and corrosion resistance. In 
addition, it would be possible to compare the two 
systems on installations of approximately the same 
configuration and environment although somewhat dif
fering foundation conditions. All three installa
tions were instrumented to monitor stresses and de
formations of these two soil-reinforcement systems. 
Instruments also monitored steel loss due to corro
sion. 

This report summarizes construction, instrumenta
tion, field behavior, and cost data for the RE and 
MSE systems constructed at Dunsmuir. Detailed in
formation on these aspects plus foundation condi
tions and design are covered in the final research 
report on the project (~). 

GENERAL DESCRIPTION 

The MSE system is a Caltrans development licensed 
under the Reinforced Earth Company patent in accor
dance with an agreement dated May 1976. 

The two MSE walls on this project are located 
along the northbound lanes of I-5 below the Siskiyou 
Elementary School. The site, designated location A, 
consists of an upper and a lower wall, The upper 
wall, constructed between May and August 1976, is 
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Figure 1. Typical section and instrumenta
tion plan for MSE walls at location A. 
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located above a frontage road and serves as an 
earth-retaining structure for the slope below the 
Siskiyou Elementary School. 

The upper wall has a maximum height of approxi
mately 20 ft. The lower wall, which was begun in 
September 1974 and completed in October 197 5, is lo
cated below the frontage road along the northbound 
lane of I-5. The maximum height of the lower wall 
is approximately 18 ft. Figure 1 shows typical sec
tions of the two MSE walls together with the instru
mentation plan. 

The RE wall is a system of earthwork reinforce
ment in which internal stability is achieved throuqh 
friction between flat steel strips and soil back
fill. This system was developed in the 1960s by a 
French engineer, Henry Vidal (3), and is marketed in 
the United States by the Reinf~rced Earth Company of 
Washington, D.C. 

The RE wall, located along the southbound lanes 
of I-5, was designated location B in the contract 
plans. The distance between locations A and B is 
approximately 2000 ft. The maximum height of the RE 
wall is approximately 20 ft. Figure 2 shows a typi
cal section of the RE wall together with the instru
mentation plan. 

The material for the backfill for both locations 
A and B consisted of Class 4 (Type 1) aggregate sutr 
base. Specification requirements and test results 
are shown in Table 1. 

MSE WALL 

External and Internal Stability 

External stability for the MSE walls consisted of 
analyzing the resistance to both sliding and over
turning for static and for earthquake conditions. 

Once the requirements for internal stability have 
been satisfied, the MSE wall is presumed to act as a 
solid gravity mass; its weight resists the over
turning moment produced by the earth pressure behind 
the gravity mass. Resistance to sliding is provided 
by adequate embedmen t depth to mobilize the shear 
strength of both the foundation and backfill materi
als. For preliminary analyses, the soil parameters 
used for the backfill were .i,=35°, c=360 psf, and 
y=l30 pcf. Calculations of overturning moment and 
sliding resistance were made at depths below top of 
wall of 10 and 20 ft to evaluate the effects of re
duced reinforcement lengths as shown in Figure 1. 

-I ACCELEROMETERS 

For the design of both MSE walls, advantage was 
taken of the gravity section design with reduced 
bar-mat lengths in the upper portion of the walls. 
The factors of safety were 2 .o or higher in all 
cases. 

The stability of the foundation was analyzed by 
using 4>=20 •, c=llOO psf, and y=l20 pcf. The 
factors of safety exceeded 1.5 for sliding and 2.0 
for overturning. 

Horizontal earthquake acceleration of O. 2 .9. was 
also considered in a pseudostatic stability analysis 
that produced factors of safety exceeding 1.8. In
ternal stability was accomplished by longitudinal 
reinforcement by using sufficient cross-sectional 
area to preclude tensile failure with sacrificial 
steel for corrosion loss during the design life of 
the facility. The transverse members were selected 
to withstand pullout under an assumed pressure dis
tribution. 

Pull resistance was not a controlling factor in 
design of the bar-mat reinforcement since laboratory 
tests indicated that the bar mat has more than five 
times the pullout resistance than a corresponding 
surface area of flat steel reinforcing strips (1). 

Embedment depth of the bar mat was determined 
from the requirement for external stability. 

Corrosion 

Before a decision on bar size could be made for the 
Dunsmuir walls, the metal losses throughout the de
sign life of the structures required estimation so 
that sacrificial steel could be provided. 

In underground metal facilities, such as gasand 
liquid-carrying pipelines where local pitting and 
eventual complete perforations can result in failure 
of the facility, the problem is of great concern. 
However, in buried load-bearing structures, such as 
piles or reinforcement, overall weight loss or aver
age penetration was considered more er itical than 
maximum penetration of pitting. 

Tests on preliminary native soil samples of pro
posed backfill materials during the feasibility 
study produced a pH of 5.4 and resistivity of 17 000 
ohm•cm and a pH of 5 .8 and a resistivity of 30 000 
ohm•cm. These results were determined from Cali
fornia Test 643. With this information as criteria, 
a rate of metal loss from pitting of O .0018 in/year 
(1.8 mils/year) was assumed for preliminary design 
of the Dunsmuir bar mat based on corrosion of steel 
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culverts. For 50 years' service life, a total depth 
of metal loss was estimated to be 0.09 in in terms 
of surface pit development. However, corrosion 
parameters obtained from tests on progress samples 
of the actual backfill material during construction 
(Table l) were a pH of 5.4 and resistivity of 8700. 

This equated to a much higher metal loss of 7. 2 
mils/year in terms of pit develo?nent or O .8 
mil/year of uniform surface loss. This rate, al
though in excess of the original estimated corrosion 
rate, was compensated for as indicated later. The 
chart in Figure 3 by Stratfull (4) presents the 
basic relationship used in the above-test method and 
equates weight loss to surface pitting. 

The final bar-mat design for resistance to ten-

Figure 2. Typical section and instrumentation plan for RE wall at 
location B. 
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sile stress and the effects of corrosion called for 
3/8-in-diameter bars at 6-in longitudinal spacing. 
The mats were 4 ft wide with nine 3/8-in-diameter 
bars to resist a maximum tensile load of 3.1 
kips/mat and the corrosion rate of O .0018 in/year 
for a SO-year life as estimated initially. The 
transverse bars were spaced at 1-ft 10-in centers 
for the longer mats and 2-ft centers for the shorter 
mats (Figure 4). The length of the mats was gov
erned by previously described stability considera
tions. The final mat length was 10 ft for the top 
five panels and 15 ft for all panels below the top 
five or in excess of a 10-ft vertical wall height. 
The vertical spacing between mats was 12 in. 
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Table 1. Physical soil properties and shear strength of backfill materials for locations A and B. 

Proposed Material 

MM 08433, June 1971 73-1803, Dec. 1973 

Property uu CU Eff CU Total uu CU Eff 

Angle of internal friction</> (degrees) 24 33.5 15.5 35 33.0 
Cohesion C (psf) 2160 720 720 1150 400 
Plasticity index Pl(%) 3 NP 
pH 
Resistivity (ohm•cm) 
Sand equivalent 15 27 
Maximum dry density (pcf) 116.8 77 

Sieve size (% passicig by weight) 
4 in 
3 in 90 97 
2'h in 86 94 
2in 83 92 
l'h in 80 90 
1 in 76 86 
3/4 in 73 83 
1/2 70 79 
3/8 in 68 77 
No. 4 65 67 
No.8 59 60 
No. 16 55 52 
No.30 51 44 
No. 50 47 33 
No. 100 43 23 
No.200 38 15 
5µ 14 9 
Iµ 6 4 

Note: UU = unconsolidated undrained; CU Eff = consolidated undrained effective; CD= consolidated drained. 
8Sampled from location 8. 

Material Used" 
(74-1628, 
Sept. 1974) 

CU Total uu CD 

10 34 36 
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100 
97 
97 
94 
87 
83 
79 
77 
74 
69 
64 
60 
54 
46 
39 
16 

Specification 

18 minimum 

100 

30-94 

0-29 



Transportation Research Record 872 

Concrete Facing 

The connector and concrete facing design are covered 
in detail in the aforementioned final research re
port (2). The specific shape of the precast con
crete panel that was finally used was the product of 
discussions with the contractor based on a cost-re
duction proposal. The configuration ultimately se
lected was 2xl2.5 ft, which allowed for four mats 
per panel (Figure 5). 

Construction Operation 

An unreinforced concrete leveling footing was placed 
in an excavated trench along the entire wall length 
at the prescribed foundation elevation to provide a 
level foundation for alignment control of face 
panels during erection. Handling and placement of 
the wall panels were accomplished with a small crane 
and two laborers. The wall panels were plumbed with 
wooden wedges, hammer, and level and were set to 
correct spacing. Placement time for one panel was 
approximately 5 min. Neoprene sheets 1/8 in thick 
and 3. 5xl2 in were placed on each shear key groove 
of the panels as a bearing pad between subsequent 

Figure 3. Chart for estimating corrosion rate of steel buried in soil. 

50 30 20 1
1
5 1,0 ~ ~ 30 ~T. MIL PER VR. 

s 1 z 1!, 1.0 o3 Ql o.zs wTLoss-ornT'ivil---
uNornGRouNo CORROSION RATE- ALKALINE SOILS 

Figure 5. Isometric view, cross section, and typical stacking 
arrangement for MSE concrete facing panels. 
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panels. The fill height was then raised to the ele
vation of the bottom mat connector holes in the 
panels. 

Mats were then placed on the fill (Figure 6), and 
their threaded rods were inserted through the lower 
holes in the panels. Two washers and a nut were 
fastened to the end of each threaded rod, and a wa
terproofing sealant was pumped through the holes in 
panels between the washer and the outside wall 
face. The mats were then pulled back from the wall 
until the nut on the end forced the washers to rest 
tightly against the countersunk holes on the outside 
wall face. Backfill material was placed over the 
mats and compacted. When the backfill thickness was 
approximately 12 in over the mats, the nuts on the 
end of the threaded rods were tightened. The coun
tersunk holes on the outside wall face were filled 
flush by using a cement grout mixture. 

The maximum length of a row of panels was 469 ft 
and the minimum length was 37 ft. The average time 
required to place one panel height with its accom
panying mats, backfill, and permeable drainage 
blanket behind the backfill was approximately 45 min. 

A total of 11 working days was required to con
struct the lower wall, which was 455 ft in length 
and 18 ft in maximum height. The upper wall (406 ft 
in length and 20 ft in maximum height) was erected 

Figure 4. MSE bar-mat configuration and attachment to concrete facing. 
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Figure 6. Steel bar mats for MSE in position on fill. 

Figure 7. Completed MSE walls. 

in 12 days. The completed installation is shown in 
Figure 7. 

RE WALL 

External and Internal Stability 

External stability was analyzed by using triaxial 
strength properties for the foundation soils of 
ci,=24°, c=200 psf, and y=l36 pcf, Factors of 
safety for the foundation soil exceeded 4. 2. The 
gravity mass of the wall was designed with factors 
of safety that exceeded l.5 for sliding and 2 .o for 
overturning. 

Design of reinforcement tor internal stability 
was accomplished by the Reinforced Earth Company. 
Smooth galvanized steel reinforcing strips 3 mm 
thick by 80 mm wide were used at a uniform 16-ft em
bedment depth. Lateral and vertical strip spacing 
was 3 and 2,5 ft, respectively. 

Conci:ete Faci ng Panels 

The precast concrete facing panels for the rein
forced earth wall were as shown in Figure 8. They 
were approximately 5x5 ft in greatest dimensions and 
7 ,5 in thick. Four types of panel elements were 
used. 

Construction Operation 

A nonreinforced concrete leveling footing was fir st 
placed along the entire wall location. Once the 
concrete footing had cured a minimum of one day, 
panel placement began; full and half-panels were al
ternated (Figure 8). Panel placement was accom-
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Figure 8. Typical layout for RE 
facing panels. 

plished by using a truck-mounted boom, hoist, and 
sling. As the panels were lowered into position, 
correction was made for horizontal distance between 
panels and their vertical alignment by using a 
spacer bar, crowbar, wedges, and level. Placement 
time for each panel was approximately 5 min. Once 
the backfill elevation reached the top of the 
half-panels, another set of full panels was intro
duced and held in position with clamps. Each clamp 
remained in place until placement of the next eleva
tion of panels. As the fill elevation reached each 
level of tie strips on the wall panels, reinforcing 
strips were attached (Figure 9). Backfill placement 
was then continued to the next level of tie strips. 

A 4-ft length of lx4-in cork board was placed on 
the top edge of each panel without glue or ad
hesive. A 9-ft strip of 2x2-in Polyether foam, 
Grade 1035, was pushed into the vertical joints on 
the fill side by using a blunt-ended instrument (see 
Figure 9). The Polyether foam prevents fine parti
cles in the backfill from washing through the joints 
but allows water to drain freely. 

Backfill and permeable materials were transported 
to the wall site in bottom dumps and compacted with 
a 12-ton vibratory steel drum roller. Continuous 
grading and leveling by using a motor grader compli
mented the compaction operation. A water truck pro
vided additional moisture. Laborers shoveled mate
rial larger than 2 in away from the wall face, and 
compaction along the edge of the wall was achieved 
by a small hand-operated vibratory steel roller. 
The completed wall is shown in Figure 10. 

INSTRUMENTATION 

Instrumentation for both reinforcement systems in
cluded (a) weldable strain gages with half-bridge 
circuits to determine the stresses developed in the 
bar mats and steel strips, (bl Magna corrosometer 
probes to measure corrosion rate of steel in a soil 
environment, (cl concrete pressure cells to measure 
horizontal soil pressures developed behind the con
crete facing panels, (dl hydraulic and pneumatic 
soil pressure cells to measure soil stresses, (e) 
settlement platforms and mercury-pneumatic-type set
tlement sensors to measure vertical settlement with
in the backfill, (fl Statham accelerometers to 
measure dynamic response to steady-state vibration 
in a later testing program, (g) reference monuments . 
to measure horizontal and vertical movement at the 
top and at the base of the walls, and (h) plumb 
points to measure horizontal and vertical movement 
at the face of the walls. 

All instruments were read periodically during 
construction and after completion of construction 
through June 1978. Strain gages on the bar mats of 
the MSE walls were monitored through December 1980. 

The final research report (~) presents the data 
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Figure 9. RE face panels held in pqsition by wooden clamps with reinforcing 
strips attached. 

Figure 10. Completed RE wall. 

collected at both sites in detail. Only the more 
significant portions will be summarized here. Also, 
for purposes of comparing the responses of the two 
systems, only the data developed on the MSE upper 
wall will be presented, since they represent a 
loading condition similar to that of the RE wall. 

Soil Pressure Against Concrete Wall Faces 

The pressures at the wall face at both sites were 
measured by Carlson soil stress meters (concrete 
cells) at three levels. A plot of horizontal pres
sure versus height of overburden during construction 
can be seen in Figure 11. Here a best-fit 1 ine 
through the measured data points results in a maxi
mum horizontal pressure at 20-ft overburden of about 
4.2 psi for the RE wall, which is comparable with 
the pressure measured with the same overburden for 
the upper MSE wall. 

The pressure values appear relatively consistent 
and conform to an active pressure state. 

Reinforcement Stresses 

To provide the basis of comparison, reinforcing 
steel stress levels from the RE wall and the MSE up
per wall for the three instrumentation levels are 
superimposed on Figure 12. As shown, stresses in 
the MSE bar mats (maximum average of four gage loca-

Figure 11. Horizontal soil 
pressure on wall face during 
construction of MSE and 
RE walls. 
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tions) are uniformly low; the maximum is 4 ksi as 
compared with the variable stress measured on the RE 
strips (9.3 ksi maximum) at individual locations. 
Compressive stress was also measured on the RE 
strips near the face at level A, possibly a result 
of the toe buttress. The maximum connection-bolt 
stress for the bar mat was 6 .65 ksi at level A fol
lowing construction. However, th is stress relaxed 
and stabilized at 4.5 ksi, which was similar t~ the 
maximum bar-mat stress at level A. The other MSE 
connection-bolt stresses at levels Band C also sta
bilized with a value similar to the bar-mat maximum 
stresses or went into compression. The overall 
long-term trend is a general relaxation of stress in 
the MSE system. The RE system showed minimal relax
ation with time. 

The stresses in the bar mats were also much more 
uni form throughout the depth of her izontal ernbedmen t 
than in the RE steel strips, possibly due to greater 
stiffness of the system. This characteristic will 
permit reduced steel quantities on future designs. 

Pull Resistance of Reinforcement 

The primary difference between the two systems con
structed on this project was in the nature of rein
forcement and, subsequently, pullout resistance and 
failure mode. Laboratory pullout resistance of the 
two types of reinforcement when Dunsmuir backfill 
material was used was measured in a series of tests 
with a large direct-shear device (1). 

Test data pertinent to this report are presented 
in Figure 13, which shows load-deformation curves 
for a 3/8-in-diameter bar mat compared with those 
for three flat smooth steel strips of the same width 
and thickness used in the RE wall. Both reinforce
ment systems had the same area of steel exposed to 
soil for development of pullout resistance. Since 
tensile failure of the reinforcements did not occur, 
cross-sectional area was not critical. 

The peak pullout resistance of the bar mat was 
5.6 times that of the smooth steel strips with equi
valent surface area (longitudinal plus transverse 
bars). These data and the results of tests on silty 
clay backfill presented in the aforementioned report 
clearly indicate that a lower-quality cohesive soil 
backfill would have been suitable for MSE walls. 
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The Reinforced Earth Company now uses a ribbed 
strip that provides some increase in pullout resis
tance. The ribbed strip was not tested as part of 
this study. 

Corrosion Rate 

As mentioned previously, corrosometer probes {CG) 

were installed behind the facing of the MSE and RE 

Figure 12. Comparison 
of steel stresses in 
earth reinforcement 
{RE and MSE walls). 

Figure 13. Laboratory 
pullout tests on steel 
strips and bar mat. 

Figure 14. Estimated 
and actual corrosion 
rates, location A 
{MSE). 
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walls {Figures 1 and 2) to monitor and predict the 
uniform rates of corrosion and compare them with the 
rate estimated for design. The discussion below 
will cover both the upper and lower MSE walls as 
well as the RE wall. 

In the lower MSE wall, Figure 14 shows a cor ro
sion rate that varied with depth. CG 1 in level 'A 
corroded at a projected uniform rate of 3, 4 
mils/year, CG 2 in level B corroded at 1.5 
mils/year, and CG 3 in level C corroded at 0.3 
mil/year. The average rate for these three sensing 
probes is equal to 1.7 mils/year. 

The upper MSE wall contained two corrosometer 
probes in each of its three levels {Figure 14). In 
level C, the two probes indicate a projected corro
sion rate of 0.4 mil/year. This corresponds well 
with the O .3 mil/year computed for level C of the 
lower wall. However, the pairs of probes in levels 
A and B of the upper wall gave projected corrosion 
rates that did not correlate well. Level B indica
ted a corrosion rate of 3.1 mils/year for CG 5 and 
l, l mils/year for CG 8, Level A resulted in 2. 9 
mils/year for CG 4 and O. 7 mil/year for CG 7. It 
should be noted that a different type of probe was 
used for cor rosometer s CG 4, 5 , and 6 than for the 
other six sensing probes. foDst of the sensors used 
a 4-mil corrodible element, whereas CG 4, 5, and 6 
contained a 1-mil element. The results from the 
1-mil elements are somewhat questionable due to 
their high sensitivity and short life. They may 
not, therefore, realistically reflect the long-term 
corrosion effects. 

When all data are included, the average uniform 
corrosion rates in mils per year for each pair of 
probes were l. B, 2.1, and O. 45 for levels A, B, and 
c, respectively. The average uniform corrosion rate 
for the upper wall is 1.5 mils/year. 

If one considers the average uniform rates of 1.7 
and 1.5 mils/year from the corrosometer probes in 
the lower and upper walls, respectively, projected 
uniform metal losses of 0.86 oz/ {ft 2 •year) and 
o.78 oz/{ft 2 •year) are predicted. These values 
can be compared with the predicted corrosion loss in 
terms of pitting of 7 mils/year for the actual back
fill sample. From corrosion criteria {Figure 31, 
this equates to a loss of 0.5 oz/ {ft 2 •year) {pH 
of 5.4 and resistivity of 8700) for the composite 

Figure 15. Estimated and actual corrosion rates, location B (REI. 
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progress sample of back till material. This is ap
proximately 60 percent of the actual rates measured 
by the corrosometer probes. 

Even though the above rates of metal loss are 
greater than the original estimated value, the 
0.375-in-diameter bar mat is more than adequate for 
the actual field stress conditions. This bar mat 
will also provide sufficient sacrificial steel for 
the average measured uniform rate of 1.7 mils/year. 

The corrosometer data also appear to indicate 
that corrosion rates increase with depth, This may 
be due to the phenomenon of corrosion stress; i.e., 
under greater pressures, the corrosion rate is in
creased. There may also be more moisture retained 
at the lower levels, which would tend to accelerate 
corrosion. 

In April 1980, approximately 46 months after the 
completion of level C of the upper MSE wall, a seg
ment of the bar mat at this level was retrieved for 
further corrosion analyses. 

The bar-mat segment was covered with a light 
layer of rust, As stated previously, the average 
corrosion rate at this level of the embankment was 
0. 4 mil/year, which is about one-four th of the en
tire MSE average. The analysis was limited to level 
C since no samples could be obtained from lower 
levels. 

Various specimens were cut from the retrieved 
bar-mat segment for tests to measure weld shear re
sistance and tensile strength of the longitudinal 
re in for cement, 

The results indicated that strength of the steel 
was virtually unchanged. Also, the welds' minimum 
shearinq strength was 1800 lb, which is well above 
the approximate 70-lb design requirement (assuming a 
uniform distribution of stress throughout the bar 
mat), A microscopic examination of the light rust 
on the welds showed that it had not penetrated or 
weakened the welds or the mat. 

The rate of corrosion at location B (RE) was 
measured in the fill by means of two corrosometers 
per level in levels A, B, and C. Since the same 
backfill material as that for the MSE walls would be 
used, a LB-mil/year rate of corrosion in terms of 
pitting was predicted initially from laboratory 
tests for pH and resistivity as defined previously. 

Measured and estimated corrosion rates are plot
ted in Figure 15 for levels A, B, and C. Al though 
the corrosion rates vary somewhat from those mea
sured in the MSE walls, the average for all the 
qages is very nearly the same. 

The average uniform corrosion rates at each level 
range from 2.0 to 1.18 mils/year for levels A, B, 
and c, respectively. The average of these rates is 
1.6 mils/year [O .82-oz/ (ft 2 •year) uni form rate], 
which is somewhat higher than the pitting rate of 7 
mils/year (0.5 oz/(ft 2 •year)] estimated for the 
actual backfill samples. 

CONSTRUCTION COST 

A valid comparison of construction cost for MSE and 
RE walls on this project based on contract bid items 
is not possible due to the vagaries of the bidding 
process, construction timing ( location A was con
structed after location B) , and the fact that loca
tion A was the first MSE project whereas the con
struction industry was generally familiar with RE 
projects. As an example, Steel for the RE wall was 
bid at $0.53/lb as compared with $1.00/lb for the 
MSE walls. 

If we take these factors into consideration, an 
appropriate means of developing a cost comparison of 
the two systems is believed to be quantities of 
principal items and erection time. Excavation quan
tity was not considered, since this was primarily 

31 

dictated by site geometry rather than by system 
type. Also not included were items associated with 
the subsurface drainage since the same system was 
used for both RE and MSE walls. 

Actual costs for wall facing for the two systems 
were closely comparable ($4.60/ft 2 for the RE wall 
versus $4.50/ft 2 for the MSE walls). To normalize 
the data for comparison, quantities are presented 
below by amount per 100 ft' of wall face; phase 1 
of the RE construction involved 10 563 ft 2 and the 
lower MSE wall construction involved 5825 ft 2 : 

Item 
Select backfill/100 ft 2 

Steel for reinforcement (lb/100 ft 2 ) 

Erection time (days/100 ft 2 ) 

System 
RE 

80.5 
490.5 

0.27 

~ 
89.2 

946.2 
0.19 

These data indicate that reinforcement steel 
quantities for MSE walls per unit area of wall face 
were approximately double that of the RE wall due to 
the presence of the transverse members. In terms of 
erection time, the MSE wall was found to offer a 
slight advantage. 

In assessing the relative costs of the two sys
tems used on the project, two key factors should be 
borne in mind with respect to the MSE installation. 
First, a subbase-quality backfill was used on both 
systems for the purpose of comparing response to 
load. The results of laboratory pullout tests re
ferred to earlier indicated that a low-plasticity 
(PI<lO) nonexpansive native material would have 
been satisfactory for the MSE installation. Also, 
the extremely low and relatively uniform steel 
stresses measured in the MSE installation indicate 
that No. 2 rebar (W5 wire) rather than No. 3 rebar 
(Wll wire) would have provided adequate tensile 
strength and a corrosion life equivalent to that of 
the RE strips. The use of No. 2 bars (W5 wii::e) 
would have resulted in a net reduction in steel 
quantity of 55 percent for the MSE project. 

CONCLUSIONS 

1. Horizontal pressure on the upper wall at loca
tion A (MSE system) and the RE wall at location B 
approximated the active Rankine state, which veri
fied design theory. 

2. The stresses in the MSE bar mats suggest a re
distribution of stress in the reinforced soil mass 
and a uniformly low steel stress level at a maximum 
of 4 ksi as compared with the variable stress mea
sured on the RE strips (9.3 ksi maximum). This is 
possibly due to the greater stiffness of the MSE 
system. 

3. The extremely low and relatively uniform 
stresses measured in the bar-mat steel for the MSE 
system suggest that a O ,25-in-diameter rather than a 
0.375-in-diameter bar would have been adequate for 
tensile strength and a corrosion life equivalent to 
that of the RE system, 

4. Laboratory pullout tests suggest that MSE bar 
mats provide a pullout resistance that is greater 
than five times that of the smooth RE strips of the 
same surface area. These results also suggest th<;1 t 
lower-quality backfill materials would be suitable 
for the MSE system. 

5. Corrosion rates determined by corrosometer 
probes buried in the backfill soil were somewhat 
questionable and provided a poor correlation to pre
dicted soil corrosion rate based on Caltrans 
steel-culvert criteria. 

6. Both the MSE and the RE systems performed sat
isfactorily. 

7. The MSE system will require more steel due to 
the presence of transverse members but can apparent-
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ly be erected more quickly than the RE system can, 
8. Where quality backfill would be a major cost 

item, the mesh (bar-mat) reinforcement could offer a 
significant economic advantage. 
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Design and Construction of Fabric-Reinforced Retaining 

Walls by New York State 

GARV E. DOUGLAS 

The experience of New York State in the design and construction of two fabric
reinforced retaining walls is described. Crushed-stone fill is reinforced by hori
zontal layers of fabric placed at intervals dependent on the height of the wall, 
the strength of the fabric, and the internal friction angle of the fill. Design and 
construction procedures are detailed; the emphasis is on practical construction 
techniques. The design and construction are based on methods described by 
the U.S. Forest Service. The construction technique, although not common
place, can be quickly mastered without special equipment or labor requirements. 
Instrumentation installed during construction to monitor vertical and horizontal 
movements indicates satisfactory performance 18 months after completion. 
The cost of this type of construction at this site compared favorably with al
ternative designs. Suggestions for cost reductions are offered for future instal
lations, which may include embankment repair, similar to this project, or tem
porary works, such as construction detours. 

New York State Department of Transportation (NYSDOT) 
has designed two retaining walls in which geotextile 
fabric is used as a reinforcing material, The 
walls, completed in August 1980, repair shallow 
failures in a side-hill embankment of NY-22 in Co
lumbia County, The failures were observed in early 
1976, when the easterly shoulder settled several 
inches in two areas 125 ft apart. The areas, desig
nated A and B, extend for 110 ft and 150 ft, respec
tively. 

A monitoring program was established in the fall 
of 1976 to measure any vertical or horizontal move
ments of the pavement, shoulder, and embankment 
slope. A subsurface investigation program was ini
tiated in 1977; it consisted of a number of cased 
drill holes, one of which was converted into a 
long-term observation hole. The subsurface profile 
(Figure 1), determined from visual identification of 
soil samples and analysis of boring logs, shows 5-10 
ft of loose clayey silt, sandy with gravel, over
lying similar compact material; ledge rock is en
countered at depths varying from 15 to 25 ft. 

Movements up to O. 2 ft horizontally and 1. 2 ft 
vertically, detected from September 1976 to April 
1978, and distortion of observation hole casing at 
depths of 4-5 ft (see Figure 1) indicated a shallow 
failure in the loose material rather than a sliding 
failure along the rock surface. Subsurface water, 
due to side-hill seepage at area Band a broken box 
culvert at area A, was the primary cause for failure 
of the 1 vertical on 1.5 horizontal embankment 
slopes. This assumption was supported by the exis
tence of 125 ft of unaffected 1 on 1.5 slope between 
the two failure areas and the natural flattening of 

slopes in the wet areas to l on 2,5, 
The extent of the failures would have required 

remedial treatment beyond the capability of mainte
nance forces, Consequently, NYSDOT considered a 
number of design solutions. The criteria for an ac
ceptable treatment included positive stabilization 
of the failure areas with low future maintenance, 
additional shoulder width, and safe traffic control 
during construction, Traffic restrictions by con
struction equipment and/or cost considerations elim
inated a pile-and-lagging wall and extensive slope 
treatments. The earth-fabric wall concept was se
lected as the lowest-cost solution that met the er i
ter ia. 

DESIGN 

The design is based on methods described in a U.S. 
Forest Service publication (1, Chapter 5). The wall 
is designed as lifts of alternating fabric rein
forcement and stone fill, as shown in Figures 2 and 
3. The fabric within the theoretical failure zone 
cannot mobilize tensile strength to resist internal 
failure and is therefore discounted when the rein
forcing length required is calculated. The fabric 
length embedded behind the theoretical failure plane 
is the fabric that reinforces the fill. The lift 
thickness is formed by the fabric, which over laps 
the face of the wall and retains the fill material. 

Site conditions controlled the length and the 
height of each wall necessary to stabilize the fail
ure areas, The cross-section dimensions were deter
mined to satisfy the internal and external stability 
of the wall. The minimum dimensions for internal 
stability were calculated with the strength parame
ters of the fabric and fill material by using appro
priate factors of safety. These dimensions were in
creased to adequately resist lateral pressures 
acting on the wall, computed according to Rankine 
theory and the Boussinesq equation. 

The reinforcing selected was Bidim C-34, a non
woven, needle-punched, continuous-filament polyester 
fabric with high strength and permeability. The de
sign tensile strength of 75 lb/in width of material 
represents approximately one-third the grab-test 
value (AS'Thl D-1117-69) reported by the manufacturer, 
a ratio that agrees with the Oregon State University 
ring-test results for other Bidim weights as report-
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Figure 1. Typical subsurface profile at failure location. Ii 
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Figure 2. Typical lift detail. 
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ed in the u.s. Forest Service publication (!). 
Crushed stone was selected as the fill material be
cause of its high permeability and high angle of in
ternal friction. The stone also develops high fric
tion with the fabr ib, which is necessary to develop 
fabric tension. 

The minimum dimensions calculated to satisfy in
ternal stability did not satisfy the external re
quirements to resist sliding. This was primarily 
because of the low friction factor assumed between 
the fabric and the native material. The factor of 
safety against sliding was increased by widening the 
wall to gain mass and by placing a foundation of 
crushed stone 2 ft thick beneath the first lift to 
increase the friction factor. This crushed-stone 
layer also provided positive drainage for the wall 
and backfill. 

The final cross-section dimensions, shown in Fig
ure 3, were obtained by adjusting the calculated 
values to use the full manufactured width of fabric 
rolls, 17.4 ft. The wall was designed in two tiers, 
each with a different maximum lift thickness. The 
two-tier design was selected for practicality in 
construction, since the theoretical lift thickness 
may vary continuously with depth and pressure below 
the top of the wall. The overlap dimension was al
lowed to vary with the lift thickness to keep the 
wall width constant. 

CONSTRUCTION 

The site was prepared for wall construction by using 
normal clearing procedures. However, in the grub
bing operation, care was taken not to disrupt the 
root systems of two large white pine trees adjacent 
to the limits of failure area A. 

The excavation was progressed to the limits shown 
in Figure 3 while one-way traffic was maintained on 

-960 

Figure 3. Typical wall section. 
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the adjacent lane. The excavation was confined to 
one lane by using a 1 vertical on 1 horizontal back
slope as the steepest allowable unbraced slope. The 
excavation was benched at elevations determined from 
analysis of boring logs and confirmed by field in
spection to remove weakened material and establish 
the wall foundation on undisturbed compact soil. 
The transition between benches and the end slopes 
were 1 vertical on 2 horizontal. 

An additional 2 ft of soil was removed below the 
base elevation and replaced with a crushed-stone 
foundation layer, as mentioned earlier. The excava
tion was continued at this elevation to the natural 
slope to provide a continuous drainage path from 
within and behind the wall. Wherever the distance 
from the toe of the wall to the existing slope ex
ceeded 10 ft, French drains were installed, 20 ft on 
center, to provide positive drainage. This reduced 
the volume of excavation and stone backfill re
quired. In area B, because of side-hill seepage, a 
separation layer of filter fabric was placed on the 
backslope of the excavation to prevent contamination 
of the stone backfill. Area A did not require this 
treatment because there would be no seepage after 
the culvert had been repaired under this contract. 

This project incorporated recommendations from 
the U.S. Forest Service (1) to improve the temporary 
form. With the exc;ption of placing the 
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crushed-stone foundation and drainage layer, these
quence for wall construction was also performed as 
recommended (1). The construction sequence con
sisted of the- following steps, which were repeated 
in order until the wall reached full height: 

1. The temporary form system was placed to line 
and grade (Figure 4); 

2. The fabric was positioned and the excess was 
draped outside the form (Figure 5); 

3. Crushed stone was placed to approximately 
one-half lift thickness and reached full thickness 
at the face (Figure 6): 

4. The excess fabric was folded back to over lap 
the fill, and the lift was completed to full thick
ness, burying the overlap (Figure 7); and 

5. The fill was compacted, and the temporary 
forms were removed (Figure 8). 

The fabric was placed horizon tally , with the long 
dimension parallel to the centerline. Crushed stone 
was placed by using one of several methods, depend
ing on the work area available. First, the contrac
tor tried end-dumping the stone and placing it by 
hand. This method, which proved to be too laborious 
and time-consuming, was quickly abandoned in favor 

Figure 4. Placing temporary forms. 

Figure 5. Positioning fabric. 
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Figure 6. Forming berm for overlap . 

Figure 7. Burying overlap length. 

Figure 8. Compacting completed lift. 
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Figure 9. Concrete finish on face of wall. 

Figure 10. Typical slip tube. 
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of dumping stone from a front-end loader and back
blading it to the approximate thickness. Hand labor 
was necessary only to form the berm and over lap at 
the face. When the construction area increased suf
ficiently, the front-end loader supplied stone and a 
small bulldozer was used for grading. 

Each lift was compacted by using a "walk-behind" 
(hand-guided) double-drum vibratory compactor with 
successive passes made parallel to the center line 
that progressed from the backslope to the temporary 
form. When the work area increased, a small ride-on 
vibratory roller was used. Thorough compaction was 
desired at the wall face to minimize postconstruc
tion settlements and her izontal movements in this 
area. However, the specified minimum of four passes 
was reduced to two passes when observations showed 
that the compaction effort was penetrating several 
underlying lifts. After the form had been removed, 
the vertical face gradually became curved as over
lying lifts were compacted. Even when thoroughly 
compacted, the fabric at the face did not appear 
highly stressed and could actually be pinched by or
dinary finger pressure. 

The fabric was chosen mainly for its strength and 
permeability, although some resistance to ultra
violet deterioration was also desired. The maximum 
allowable exposure time for the fabric was specified 
as two weeks. However, for permanent protection, 
low maintenance, and protection from vandals, the 
wall face was covered with a mesh-reinforced pneu
matically projected concrete. The reinforcing mesh, 
specified to be manufactured from No. 12 wires 
spaced 2 in in each direction, was supported by 
using No. 3 rebars inserted between layers to a 
depth of 3 ft. The bars were placed between layers 
during construction to form a grid measuring 3x3 
ft. The mesh was included to minimize possible set-
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tlement cracks in the rigid concrete surface of the 
flexible wall (Figure 9). 

INSTR!)MENTATION 

The walls were instrumented to investigate vertical 
and horizontal movement. Each wall was instrumented 
at the section of maximum height, which generally 
corresponded to the area of maximum past distress. 
Slope indicators and settlement devices were in
stalled to monitor the behavior of the foundation 
soil. Slip tubes (Figure 10) were placed within the 
wall to detect lateral movements of the stone fill 
perpendicular to the wall face. The fabric was not 
instrumented. Minimal construction delays (typi
cally only O .5 h) were required to install a set of 
slip tubes or settlement devices that were prefabri
cated and installed by NYSDOT personnel. Installing 
the slope indicator casing, also done by NYSDOT, re
quired several days of drilling. However, the con
tractor was able to schedule work without any con
flicts. 

Two settlement devices were installed under each 
wall 6 ft and 10 ft from the toe. The change in 
fluid level at the readout measures the cumulative 
foundation settlement. These devices measure the 
change to O .01 ft, which is sufficiently accurate to 
detect significant movements. 

The settlements measured during construction were 
less than 0.25 in. At wall B, the settlement mea
sured one year after construction was 1.32 in at 
both devices. At wall A, settlements measured eight 
months after construction were O .5 in and O .25 in at 
the devices 6 ft and 10 ft from the toe of the wall, 
respectively. (These were the last measurements be
fore the wall-A devices were vandalized.) These 
settlements have caused no noticeable effect on the 
roadway structure or the rigid concrete face. 

The slope indicator casing was installed just 
outside the toe of the wall. The magnitude and di
rection of foundation movement with respect to depth 
can be measured as a change from the original slope 
of the casing. Foundation movements can thus be 
isolated, and any subsequent lateral movements de
tected by the slip tubes will indicate movement 
within the wall. Measurements made one year after 
construction indicate no significant foundation 
movement at either wall, which verifies the earlier 
assumption of a shallow failure. 

A slip tube (Figure 10) is tree to slide on an 
anchor rod that extends 3 ft beyond the tube. In
ternal horizontal movements of the fill are indi
cated by the change in distance between the end of 
the slip tube and a scribe mark on the inner rod. 
The scribe mark is referenced to an external control 
line. Thus, the relative movement and the absolute 
movement of the tube can be determined. 

The tubes were installed in sets of four at vari
ous elevations to investigate the pattern of lateral 
movement. The tubes were buried 3, 6, 9, and 12 ft 
into the wall; each anchor rod is extended 3 addi
tional ft beyond its respective tube. With anchors 
equal in length to the longer of the adjacent tubes, 
the wall is divided into several observation zones. 
Movements were compared within sets of tubes and 
with corresponding-length tubes at different eleva
tions. Many tubes showed no movement, whereas 
others have not exceeded 0.25 in as late as one year 
after construction. Possibly, any short-term move
ments occurred during construction, before the con
trol pain ts had been set, or only small movements 
have occurred. Generally, the shorter tubes have 
shown the most movement, al though continued moni tar
ing may reveal a more definite pattern. 



36 

Figure 11. Stepping lifts to follow grade. 

Figure 12. Bending wall to meeting existing slope. 

LESSONS FRet,\ FIELD EXPERIENCE 

The contract plans originally specified crushed 
stone with a 2.5-in maximum size. A substitution 
was allowed at the contractor's expense to reduce 
the maximum size to 1.5 in. The smaller stone also 
provides a sufficient friction angle for this design 
but is easier to place by hand. This change, com
bined with improved handling methods developed 
during this project, increased the contractor •s 
daily production. For example, exclusive of face 
treatment, the first wall, which has a surface area 
of 1630 ft 2 , required two weeks for construction. 
The second wall, which has a surface area of 2100 
ft 2 , was also constructed in two weeks. 

The fabric layers were placed horizontally with
out splices. Longitudinal splices were eliminated 
by designing the total fabric dimensions to equal 
the 17. 4-ft roll width available commercially. 
Transverse splices were permitted if necessary by 
specifying a minimum overlap of 2 ft, or a 6-in min
imum overlap, field-sewn double-stitched by using 
nylon or polypropylene thread. On this project, the 
contractor elected to place all lifts as a single 
piece of fabric. Consequently, we have no comments 
on the success or use of splices beyond the sugges
t ion above regarding transverse splicing and a con
currence with others (!) that splices parallel to 
the wall face should be expressly prohibited. 

Moisture was observed at the wall face before the 
fabric was covered with concrete. This was possibly 
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due to surface water collecting in areas where ir
regular pockets formed in the fabric or perhaps 
where the fabric became clogged with rock dust. In 
future installations, placing the fabric horizon
tally in the longitud'inal dimension should be 
considered, but the fabric should slope toward the 
rear of the wall for positive drainage, especially 
if the face treatment will be impervious. 

Compaction vibrated some stone fill out of the 
open ends of lower lifts. This loss of fill was 
prevented by folding the fabric to form a bed corner 
(Figure 11). Figure 11 also shows how the upper 
lifts were stepped to follow the grade of the road. 
At the south end of wall A, each lift was folded to 
bend the wall back to meet the flatter existing 
slope (Figure 12). The north end of each wall in
tercepted the natural slope and was buried with 
light stone fill after the face treatment had been 
applied. 

The rebar grid set for the reinforcing mesh re
quired the addition of a top and a bottom row. 
These bars were installed after construction and had 
a minimal effect on the fabric. Future installa-
tions should specify a top and a bottom row of re
bars. The 3-ft-square grid should be modified, per
haps by staggering alternate rows of rebars. Con
struction joints in the concrete face seem desirable 
to reduce cracking, Vertical construction joints, 
50 ft on center, were included in the second wall. 

The volume of concrete used on the facing ex
ceeded the estimate by 40 percent, even with the 
thickness reduced from 3 to 2.5 in. This .increase 
occurred because the ribbed surface of the wall and 
the wall batter formed a shelf between each lift. 

COST 

The cost, including items for excavation, fabric, 
stone fill, and concrete facing, was $42/ft 2 of 
wall face. This exceeds the 1978 estimate by 
$10/ft 2 • This increase reflects the haul distance 
for the stone (35 miles) as well as the increased 
volume of concrete facing. The percentage breakdown 
by i tern was 10 percent for excavation, 30 percent 
for fabric, 40 percent for stone, and 20 percent for 
concrete. 

CONCLUSIONS 

Fabric-reinforced retaining walls can be built 
quickly and easily without unusual equipment or 
labor requirements. The wall can be shaped to the 
site by such methods as benching, bending, and step
ping the lifts. The primary considerations in con
struction are compaction of the stone fill and 
drainage accommodations. The temporary forms neces
sary to confine the face area during compaction can 
be fabricated from common materials. 

The instruments used were adequate to detect 
postconstruction movements. However, the slip tubes 
could not be adequately monitored during construc
tion. Future installations should attempt to ac
count for this condition or perhaps restrict obser
vations to the external face of the wall. The 
arrangement with the contractor for installing in
strumentation was satisfactory, since the instru
ments were prefabricated to minimize delay. 

The cost of this project compared favorably with 
that of other alternatives at this site. Cost re
ductions are possible by using a cheaper fill mate
rial. However, positive drainage must be provided 
by using a very permeable fill or by constructing a 
permeable zone behind and beneath the wall. Also, a 
cheaper face treatment will reduce costs signifi
cantly. 
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Stabilization of Wedge Failure in Rock Slope 

DUNCAN C. WYLLIE 

A wedge failure in a rock slope 21 m (70 ft) high was stabilized by unloading 
the top third of the failure, constructing a concrete wall to reinforce the toe, 
and installing tensioned rock anchors. Because the potential failure was lo
cated above a major railroad line, it was necessary to carry out this work with 
minimal interruption of traffic. This required careful blasting to ensure that 
the track below the slope was not damaged by falling rock and the use of 
equipment that would not block the track. The use of decision analysis to re
view the alternative stabilization methods and select the optimum method is 
discussed. The probabilities of slope failure, which were used as input in 
decision analysis, were obtained from a Monte Carlo analysis. The purpose of 
the Monte Carlo analysis was to quantify the uncertainties in the rock strength 
and structural geology parameters that were used in the design. 

Stabilization of rock slopes above major transporta
tion routes requires a high degree of reliability 
because failures that delay traffic can be extremely 
costly. For the same reason, the method of stabili
zation must allow the work to be carried out with 
the minimum disruption to traffic as well as be cost 
effective. 

In this paper, the stabilization of a wedge 
failure of a rock slope above a heavily used railway 
is described. The unstable wedge was discovered 
during a routine preventive-maintenance program to 
scale loose rock from the face of rock slopes and to 
widen and deepen ditches. This program had been set 
up as a result of a survey along the entire moun
tainous section of the railway to identify and 
classify potentially hazardous slopes (_!). At this 
location a tension crack had opened behind the 
crest, and excavation of accumulated debris at the 
toe of the slope revealed that the rock was heavily 
fractured and had moved as much as 300 mm (6 in). 
The unstable rock mass was defined by two intersect
ing joint planes that formed a wedge that could be 
analyzed by standard limit-equilibrium techniques 
(_£). 

The extent of the movement made it necessary that 
the wedge be stabilized as soon as possible. This 
work was made more urgent by the approaching winter, 
which would halt construction. These time restric
tions made it impossible to carry out an extensive 
investigation program, so design work was carried 
out by using available data and previous experience 
in similar geologic conditions. In order to quan
tify the uncertainties in the input data, prob
ability analysis was used in addition to the limit-

equilibrium method as an aid in evaluating different 
stabilization options. 

CUT SLOPE IN MASS IVE GRANITE 

The wedge failure had developed in a rock cut 21 m 
( 7 O ft) high that had a face angle of 7 5 °. The toe 
of the cut was within 6 m (20 ft) of the railway, so 
even a minor slope failure could reach the track. 
The rock type was a very competent, massive granite 
that was sufficiently strong not to be fractured by 
the stresses imposed by a slope of this height. 
However, the rock contained sever al sets of join ts 
that were planar and had continuous lengths that 
often exceeded 3 m (10 ft) and were sometimes as 
long as 30 m (100 ft). These conditions meant that 
the volumes of unstable rock formed by these joints 
could be substantial. 

Figure 1 shows the two joints that formed the 
base of the wedge and one of the near vertical 
joints that formed the tension cracks behind the 
crest. A stereographic projection of the two in
clined joint sets and the slope face is shown in 
Figure 2. This shows that the line of intersection 
of joint sets A and B dips toward the track and is 
undercut by the face, so there is a potential for 
sliding to occur. 

There were two contributory causes of insta
bility. Excessively heavy blasting in the original 
excavation had fractured the rock at the toe of the 
slope and reduced the forces that resisted failure, 
It was also likely that water pressures in the slope 
could be substantial following heavy rainfall or 
periods of sudden snow melt, However, the slope 
would drain quickly because of the continuous open 
fractures in the rock and because the slope had been 
cut in a "nose" of rock that was free-draining on 
three sides. 

BACK ANALYSIS OF EXISTING FAILURE 

Al though the orientation of the planes that formed 
the wedge. could be determined with some confidence, 
there was no direct means of measuring the strength 
of the joint surfaces. There was insufficient time 
to carry out core drilling to obtain samples for 
laboratory testing, so back analysis was used to 
calculate the strength. The joints contained no in 



38 

Figure 1. Sketch of wedge failure. 

Figure 2. Stereographic projection of wedge geometry . 
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filling and were planar, so it was assumed that they 
had no cohesive strength and that the friction angle 
had a small roughness component. 

The friction angle was determined by using a 
standard limit-equilibrium analysis for a wedge 
failure and varying the friction angle until the 
factor of safety equaled unity. It was assumed that 
the height of the water table was about one-half of 
the slope height. The limiting friction angle was 
found to be 35°, which is shown as a friction circle 
on the stereographic projection (Figure 2). This 
shows that, because the point of intersection of 
planes A and B lies outside the friction circle, the 
dry slope will be stable. 
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ALTERNATIVE STABILIZATION MEASURES 

The objective of the stabilization program was to 
increase the factor of safety to 1.5. The alterna
tives considered were drainage, unloading, and 
bolting. The merits of these alternatives are 
discussed below. 

Dra i nag e 

A fully drained slope would have had a factor of 
safety of 1,6. However, it was considered that the 
long-term reliability of horizontal drains to lower 
the water pressures was uncertain because if they 
became partly blocked, say with ice, high water 
pressures could build up in times of rapid snow melt 
or heavy precipitation. In addition, drainage 
through existing continuous open fractures was 
likely to occur naturally and drains would not 
improve the overall permeability significantly. 

Bolting 

In order to raise the factor of safety of the exist
ing slope to 1.5 by installing bolts, a total bolt
ing load of about 22 MN (5 million lb) would have to 
be applied. A bolting force of this magnitude would 
require the installation of a number of high-capa
city, multistrand anchors. The holes for these 
anchors would have to be about 125 mm (5 in) in 
diameter. Drilling holes of this diameter in a 
near-vertical face while maintaining traffic would 
have been a difficult and expensive undertaking. 
Furthermore, the support system would rely on a few 
high-capacity anchors, failure of one of which would 
have produced a significant decrease in the support 
force. 

uni oadi ng a nd Bol t i ng 

Removal of the upper one-third of the slide and the 
installation of bolts with a total working load of 
about 5.5 MN (1.2 million lb) would increase the 
factor of safety to LS, This support force could 
be produced by using bolts with a working load of 
450 kN (100 000 lb). The advantages of this system 
were that these bolts could be installed in holes 
drilled with hand-held equipment and that failure of 
a few bolts could not significantly decrease sta
bility of the slope. However, the disadvantage was 
that the unloading operation would be slow. Only 
small volumes of rock could be moved in each blast 
in order to prevent damage to the track and to allow 
time for cleanup of broken rock between trains. It 
should be noted that the unloading operation alone 
does not increase the factor of safety in this 
condition where friction is the only factor oon
tr ibuting to the force that resists sliding. The 
effect of unloading is to decrease the required 
bolting forces to achieve the required factor of 
safety. 

STABILIZATION PROCEDURE 

The following is a description of the unloading and 
bolting operation used to stabilize the slope (Fig
ure 3). 

Unloading the top 9 m (30 ft) of the slope was 
carried out by a four-person crew who used hand-held 
pneumatic equipment to drill blast holes. The 
blasting was carefully controlled to ensure that 
there would be no further damage to the rock, and 
smooth-wall blasting was used on all final faces. 
This technique consisted of drilling holes parallel 
to the final face on a 750-mm (30-in) spacing that 
were lightly loaded by using wooden spacers between 
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half sticks of explosive. This produced an even 
distribution of explosive load equivalent to about 
0.34 kg/m 2 (0 .07 lb/ft 2 ) of face. The holes 
were detonated on a single delay to ensure that the 
rock broke on the line defined by the holes. Before 
each blast the track was protected from falling rock 
with a 1.2-m (4-ft) layer of gravel. In this manner 
about 1150 m' (1500 yd') of rock were removed. 

The bolting operation was carried out as follows. 
The rock at the toe of the slope was so highly 
fractured that the installation of bolts, which 
produce highly concentrated forces, would have been 
insufficient reinforcement. Therefore, a reinforced 
concrete wall 9 m (30 ft) high was poured at the toe 
to act as a massive bearing plate for the rock bolts 
and distribute the stabilizing load into the slope. 

Figure 3. Section through failure showing stabilization procedures. 

,Tension crack . 

r .. .. _ .. 
I ••• : .. ... \ .. ... 
: ~ Rock removed from 

\ top of wedge. 

Reinforced concrete 

Figure 4. Decision tree that shows stabilization options and expected costs. 

39 

Plastic pipes, at the required orientation of the 
bolts, were cast into the concrete to facilitate 
later drilling of the bolt holes. 

All the rock bolts were 6-m (20-ft) long contin
uous threadbar that had grout anchors. The anchor
age length of 2.4 m (8 ft) was determined by using 
the assumption that the rock/grout working-bond 
strength was 1.2 MPa (170 psi) (3). The bolts were 
tensioned by using a hydraulic jack before the bars 
were fully grouted to lock in the tension and pro
vide corrosion protection. Five of the bolts were 
installed through the wall and the remainder in the 
sounder rock above. 

COMPARISON OF ALTERNATIVES BY DECISION ANALYSIS 

The following is a description of how decision 
analysis (_!-_§.) can be used to determine whether a 
stabilization program was economically justified 
and, if so, which has the optimum program. 

Decision analysis involves examining the prob
abilities and associated costs of the various possi
ble events that can occur for each alternative 
course of action. These probability and cost fig
ures are used to calculate the expected cost for 
each alternative so the alternative with the lowest 
expected cost can be determined. The value of 
decision analysis is that the designer must quantify 
his or her uncertainty in the design and the owner 
must evaluate the consequences of failure. There is 
then a rational basis for comparing alternative 
courses of action. 

The first step in the analysis is to draw a 
decision tree that shows the decisions that can be 
made and the events that can arise from these deci
sions. Figure 4 shows the three options: 

1. No stabilization work, 
2. Installation of bolts, or 
3. Unloading and installation of bolts. 

Whichever option is selected, the same events can 
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occur. Namely, a failure will or will not occur, 
and if failure does occur, there is the possibility 
either that it will cause a delay or that a train 
will hit the fallen rock. The difference among the 
three opti~ns is the probability with which the 
events take place. 

Probabilities of Failure 

The probabilities are estimated in two ways. The 
probabilities of slope failure are calculated by 
using Monte Carlo analysis (7,8), whereas the prob
ability of a delay or impact -is determined by exami
nation of previous failure records. 

Monte Carlo analysis involves giving a range of 
values to all those parameters in an analysis that 
cannot be determined precisely. A random number is 
then generated that is used to select a value for 
each of the variable parameters. These values are 
input to the stability analysis to calculate the 
factor of safety of the slope. A new random number 
is then generated and the calculation procedure is 
repeated until several hundred factors of safety 
have been determined. The proportion of the number 

Figure 5. Triangular 
distribution of dip 
angle of plane A. 
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of times that the factor of safety is less than 
unity is the probability of failurei i.e., if 10 out 
of the 100 trials have factors of safety less than 
unity, the probability of failure is 10 percent. A 
probability of 50 percent is synonymous with a 
factor of safety of 1.0. 

In the stability analysis of the wedge failure, 
triangular distributions were assumed for those 
parameters the precise value for which was in doubt. 
The triangular distribution was defined by a mean 
value, which was the most likely value, and by upper 
and lower bounds, which are the expected extreme 
values (Figure 5). Because limited field and lab
oratory work had been carried out, judgment based on 
previous experience in the area was used to select 
these distributions. It was assumed that the ex
treme values for the dip direction of the joints 
were ±15° of the mean value, whereas the extreme 
values for the dip and friction angle of the joints 
were ±5°. The possible variation in water pres
sure was between one-quarter and three-quarters of 
the slope height. 

In the case of the support by the bolts, it was 
also assumed that it was possible that they could 
produce more support than the nominal working load 
but also that some of the bolts could fail. The 
slope geometry and water and rock densities were 
given point values in this analysis. 

Figure 6 shows a typical result of the fot:>nte 
Carlo analysis. The X's represent the results of 
each stability analysis. Out of 100 analyses, 8 had 
factors of safety of less than unity, sb the prob
ability of failure is 8 percent. The probabilities 
of failure calculated in this manner are shown on 
the decision tree. The probability of failure of 
option 3 ( unloading and bolting) is lower than that 
of option 2 (bolting only) because there is no 
uncertainty in decreasing the slope height, whereas 
rock bolts can fail. 

Figure 6. Calculation of probability of failure by 
using Monte Carlo analysis. 
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Expecte d Costs 

The next step in the decision analysis is to deter
mine the expected costs of failure (ECFJ of each 
alternative. Expected costs are the product of the 
cost of that event and the probability of its oc
curring. The costs of failure, i.e., $1 million for 
a delay and S3 million for an impact, are estimates 
based on likely delay times, injuries, damage to 
track and equipment, cleanup of rock, and slope 
stabilization, Indirect costs such as legal fees 
and insurance premiums should also be included in 
the costs of failure. The expected cost of failure 
for each alternative is shown on the decision tree 
(Figure 4). 

The final step in the analysis is to determine 
the likely cost of implementing each decision, i.e., 
the stabilization costs. The costs are estimated 
from previous construction projects and are added to 
the expected cost of failure. As shown on the 
decision tree, the most effective means of stabili
zation is to unload the crest and install rock 
bolts, even though this is more expensive than 
bolting only. This shows the sensitivity to ex
pected costs of the probability of failure. 

CONCLUSIONS 

In this paper, use of both limit-equilibrium and 
probability methods to design stabilization measures 
for a wedge failure in a rock slope is described, 
The advantages of using both methods are that lim
it-equilibrium analysis has been well proved in rock 
engineering practice, whereas probability analysis 
allows the designer to assess the effect of uncer
tainty in the input data on the design. The calcu-
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lation of the probability of failure of the slope 
for different courses of action allows the relative 
merits of the alternatives to be evaluated. The use 
of decision analysis requires an assessment of the 
consequences of failure, which can involve the owner 
in the decisionmaking process. 
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Repetitive-Load Behavior of Unsaturated Soils 

E. SABRI MOTAN AND TUNCER B. EDIL 

The resilient and residual deformation behavior of a number of soil samples 
under unconfined repetitive loading was investigated in the unsaturated state 
as a function of matrix suction. Matrix suction values within the range of 
50-1500 kPa were achieved by using pressure-plate extractors. Results ob
tained during the first phase of the study on low-plasticity sand and clay mix
tures are extended to high-plasticity clay during the second phase after a series 
of repetitive-load tests on statically compacted samples of grundite at both 
dry- and wet-of-optimum compaction moisture content. The resilient modulus 
is shown to be related to the matrix suction in a rather unique form for all 
soils tested; the maximum is at 800 kPa suction and it decreases thereafter and 
subsequently increases again significantly at very high suction values (as in the 
air-dried or oven-dried state). This maximum resilient modulus obtained at 
800-kPa suction increases with decreasing plasticity index. The position and 
the form of the curve of resilient modulus versus matrix suction may undergo 
changes if deviator stress and confining pressure are introduced as variables. 
It is also shown that the resilient behavior of cohesive soils does not follow 
the same pattern as the relationship of unconfined strength versus suction be
yond a suction value of 800 kPa. Furthermore, the postrepetitive testing un
confined strength of dry- and wet-of-optimum compacted samples seems to 
be better correlated with the moisture content than with the soil suction 
value. 

The critical role of mo i sture in controlling the 
mechanical behavior of partly saturated cohesive 
soils through changes in the state of stress in soil 

and its modifying effects on the soil fabric have 
been well recognized. Strength and deformation 
characteristics of saturated soils can be related 
consistently to the stress state in the soil skele
ton through the use of the effective-stress princi
ple. However, in partly saturated soils, with de
creasing degree of saturation, the evaluation of the 
effective stresses becomes less and less reliabl e 
due mainly to experimental difficulties. At low 
degrees of saturation, soil suction, which is the 
only measurable soil-water stress parameter, can be 
used analogous to the effective stress in saturated 
soils. The use of soil suction here as the critical 
soil-moisture parameter instead of the water content 
is also supported by the dependence of the consis
tency limits of cohesive soils of different origins 
on the stress conditions in soil water rather than 
on the amount of water. 

Partly saturated soils usually do not create 
critical bearing-capacity problems. However, the 
magnitude of the recoverable (resilient) and irre
coverable (residual) deformations in base-course and 
subgrade materials caused by repetitively applied 
traffic loads is the ba s ic concern in flexible pave-
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Table 1. Soil properties. Optimum 
Liquid Plastic AASHTO Unified Maximum Dry Moisture 
Limit Index Classifi- Classifi- Unit Weight Content 

Series Soil (%) (%) cation cation (kN/m 3
) (%) 

l Fayette silt loam" 39 18 A-6 (11) CL 18.2 18 .2 
2 Sand mixb 33 12 A-6 (9) CL 18.3 15 .5 
3 Sodium grundite< 55 27 A-7 (18) CH 16. l 21.7 
4 Calcium grunditec 54 26 A-7 (18) CH 16.4 21.0 

8 Vernon County, Wisconsin , 
hMixture of 75 percent Fayette silt loam and 25 percent Keweenaw loamy sand from Douglas Co., Wisconsin . 
csodium and calcium surface-saturated fraction of grundi te passing No. 200 sieve, respectively. 

ment design methodology. Soil failure in this con
text is described as the accumulation of excessive 
residual deformations in soil, which may not neces
sarily be the result of a shear failure. 

Strength and deformation characteristics of com
pacted and consolidated cohesive soils subjected to 
repetitive loading have been documented as functions 
of water content and soil suction value by many re
searchers (1-7). One of the earliest studies re
ported (8) indicated a steep rise in the resilient 
modulus of a till and a corresponding drop in the 
residual deformation with decreasing water content 
at wet-of-optimum and more gradual changes at dry
of-optimum. Richards and others (_2), measuring the 
suction in a subgrade soil by psychrometers, looked 
for a possible correlation between the deformation 
character is tics of compacted laboratory samples and 
those of the subgrade soils as a function of soil 
suction. Richards and Gordon (10) observed a linear 
correlation between the soil suction and the resil
ient modulus on a logarithmic plot. Shackel (11) 
indicated a slight dependence of soil suction on dry 
density and observed a decrease in soil suction dur
ing repetitive loading. Fredlund, Bergan, and Sauer 
( 12) proposed a set of stress-state var iables--con
f ining pressure, deviator stress, and soil suction-
controlling the deformation characteristics of a 
soil under repetitive loading. Later, Fredlund, 
Bergan, and Wong ( 13) gave equations relating the 
resilient modulus to deviator and confining stress 
through a set of parameters that are functions of 
matrix suction. Edris and Lytton (14) reported 
negligible changes in the resilient modulus of three 
different soils (with group symbols of ML, CL, and 
CH according to the Unified Soil Classification Sys
tem) at psychrometrically measured initial total 
suction values higher than those corresponding to 
moisture content at approximately 2 percent dry-of
optimum. Luh ( 15) reported a tendency in the dy
namic shear modulus of kaolinite specimens tested in 
a resonant column apparatus to increase substan
tially up to 400 kPa, which was followed by a de
crease at 800 kPa. The drop in the shear modulus at 
800 kPa was attributed to the formation of micro
cracks at high suction levels. 

In this study, the response of soil under uncon
fined repetitive loading has been investigated as a 
function of matrix and total suction values on a 
number of cohesive soils over a range of plasticity 
characteristics. Consideration was given to the 
dependence of the resilient modulus and residual 
deformation of soils tested on the matrix component 
of the total suction values along with the modifying 
effects of the osmotic component, if any, on the 
soil behavior. The possible existence of a unique 
s~t of curves relating the resilient modulus to the 
matrix suction was investigated in particular. 

EXPERIMENTAL PROGRAM 

Soil Proper ties 

Four series of compacted specimens were prepared for 

repetitive testing (Table 1) by using three dif
ferent soils. 

Sample Preparation and Moisture Equilibration 

For series 1 and 2, three sets of samples were pre
pared by using a Harvard miniature compactor at the 
optimum moisture content and 2 percent dry- and wet
of-optimum ( 16). For series 3 and 4, two sets of 
samples were prepared at 2 percent dry- and wet-of
optimum moisture content by using static compaction 
and a compaction mold similar to that described by 
Shackel (17). 

All th;- samples were placed on saturated ceramic 
plates in pressure extractors and permitted to 
absorb as much water as possible under atmospheric 
pressure. In series 3 and 4, sodium and calcium 
chloride were added to water saturating the ex
tractor plate to minimize the water transfer between 
the plate and the samples through osmotic pro
cesses. Subsequently, all samples were moisture
equilibrated in extractors along a desorption cycle 
by increasing the applied air pressure in steps to 
achieve matrix suction values of 50, 100, 200, 400, 
800, and 1500 kPa, and a number of them were tested 
under repetitive loading after equilibration at each 
step (16). At equilibrium, the moisture remaining 
in the~soil specimen is in equilibrium with the 
applied air pressure, which has a value correspond
ing to the matrix suction component of the total 
suction. Total suction, which can be directly mea
sured by using a psychrometer, is the sum of the 
matrix and osmotic components. Some of the samples 
in series 3 and 4 were further dried over a sulfuric 
acid solution in a desiccator to moisture contents 
lower than those corresponding to 1500-kPa suction 
prior to repetitive loading in order to examine the 
soil behavior at suction values beyond 1500 kPa (at 
an estimated matrix suction of 9000 kPa). A mois
ture sorption cycle (400 and 100 kPa) was also fol
lowed in series 3 and 4. In addition, three samples 
that were previously tested were retested subsequent 
to oven drying, which resulted in very large suction 
values. 

Repetitive Loading 

For series 1 and 2, the samples were tested uniaxi
ally on an MTS Systems Corporation repetitive-load
ing system at a loading frequency of O .5 cycle/s; a 
haversine load curve that lasted 0.3 s was used 
(16). For series 3 and 4, a pneumatic repetitive
loading system applying uniaxial loading was used at 
a frequency of O .5 cycle/s with a continuous haver
sine load curve. 

During the repetitive testing of series 3 and 4 
samples, top and bottom loading caps made of Plexi
glas and equipped with open psychrometers were used 
(Figure 1) to monitor the total soil suction before, 
during, and after the repetitive-loading tests. 
Load-deformation curves on an X-Y recorder were 
taken several times during the test and more fre-
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quently within the first 1000 cycles. Resilient and 
residual deformations were monitored by a 6. 25-mm 
travel linear variable differential transformer 
(LVDTl and a dial gage reading 2.5 x 10-• mm per 
division, respectively. Axial load was measured by 
a load cell as illustrated in Figure 1. Minimum and 
maximum deviator stresses during the tests were kept 
fairly constant around 20 kPa and 100 kPa, respec
tively, to eliminate the deviator stress as a vari
able. Moisture loss in samples during repetitive 

Figure 1. Arrangement of 
psychrometers and load 
cell during repetitive
loading test. 
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loading was prevented by surrounding the membrane
covered samples by a cylinder containing wetted Sty
rofoam packing material, which was found to be very 
effective. Maximum number of load repetitions in 
series 1 and 2 was 10 000 and 5000, respectively. 
In series 3 and 4, tests were terminated after ap
proximately 4 0 000 repetitions. An unconfined
compression test was run on each sample after repet
itive testing. 

EVALUATION OF EXPERIMENTAL DATA 

Resilient modulus (Mr, cyclic deviator stress 
divided by resilient strai~, axial residual strain 
(£pl, st rain- energy absorption capacity, and 
postrepeti tive testing unconfined strength (qupl 
have been e xamined i n t his section as a function of 
number of load repetitions (Nl and pre-test-induced 
matrix suction (~ml• Justification for the 
choice of matrix suction instead of total suction 
(~tl will be given later in this section • 

Load-Deformation Curves 

During the repetitive-loading tests, basically three 
types of load-deformation curves were obtained as 
illustrated in Figure 2, where the repetitive stress 
level is indicated as a percentage of the unconfined 
strength. Curve 1 represents a tendency for recov
ery in the soil after a relatively large deformation 
has been imposed on it, which results in a rapid 
buildup of residual deformations. Repetitive-load 
level is relatively close to the unconfined 
strength, and the frequency of loading can play a 
significant role in controlling the residual defor
mations. With increasing suction, linear and con
cave upward loading curves result (curves 2 and 3l. 
The lateral inertia of the sample is not expected to 
play a significant role in curve 3, since the load
ing cannot be classified as impact type. However, 
the initiation of a desaturation after 800 kPa as 
measured on series 3 and 4 specimens is believed to 
leave some relatively large pores free of water and 
easier to deform, but elastically, because of the 
increasing integrity of the soil structure under in
creasing suction. Also, the formation of micro
cracks with decreasing water in grundite, as ob
served by Luh (15l at macroscale in kaolinite 
samples after 800-kPa suction, and the closure of 
such cracks at small compressive stresses compared 
with the unconfined compressive strength can result 

Figure 3. Rate of increase in resilient modulus during repetitive loading at 
different matrix suction values. 
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in a concave upward stress-strain curve. However, 
these cracks, if they actually exist, have to be 
very small, since thin sections prepared by using 
compacted grundite specimens freeze-dried under 
vacuum after equilibrium under 1500-kPa extractor 
pressure did not reveal any visible crack pattern 
when viewed under a petrographic microscope. 

Resilient Modulus Versus Number of 
Load Repetitions 

The resilient modulus in series 1 and 2 increased 
monotonically from the beginning of the repetitive
loading test (16). However, in the majority of the 
samples in series 3 and 4, a decrease in Mr was 
evident during the early part of the repetitive 
loading 1 Mr reached a minimum value mostly within 
the first 100 repetitions and was accompanied by an 
increase thereafter. This is attributed to a small 
time-dependent increase in the rigidity of the soil 
structure during the moisture-extraction process, 
which extended over a period of 4-12 months. After 
several applications of the repetitive load, the 
memory effects were removed. The considerable scat
ter in the rate of increase in Mr (Figure 3) as 
determined beyond 1000 repetitions by the slope of 
the curves of Mr versus log N shows that ap
parently identical compacted soil samples may dis
play significantly different resilient moduli at 
large numbers of load repetitions even though the 
resilient response may be comparable at low repeti
tions during a repetitive-load test. 

Resilient Modulus Versus Matrix Suction 

Samples of series 1 and 2 were tested at different 
matrix suction values by repetitive loading without 
any total-suction measurements. In series 3 and 4, 
the measured total-suction curve showed a decreasing 
osmotic suction component within the range of test 
moisture contents when super imposed on the curve of 
moisture content versus matrix suction and even
tually approached it at higher induced matrix suc
tion values. The osmotic suction measured on the 
pore-water extracts obtained during pressure equi
librium, on the other hand, remained fairly constant 
with increasing extractor pressure. In general, the 
contribution of the soluble salts in pore water to 
the changes in soil behavior did not seem to be 
clearly reflected by the magnitude of the measured 
osmotic suction due to the apparently more compli
cated effects of the ionic distribution around the 
particles than can be deduced by osmotic suction 
measurements alone. If we consider the obvious 
changes taking place in soil behavior after moisture 
equilibration under increasing extractor pressure, 
the matrix suction was adopted as the meaningful 
soil-moisture stress parameter for the purpose of 
this study. 

The differences in the resilient modulus of dry
and wet-of-optimum specimens at 5000 repetitions in 
all four series were relatively small below 100 kPa 
( Figures 4 and 5) • Afterwards, an increasing range 
of Mr in series 1 and 2 was observed, more signif
icantly in series 2, whereas it remained compara
tively small in series 3 and 4 throughout the suc-
tion range used (Figure 5). The same range of 
compaction moisture content (wopt ± 2 percent) 
was used in all series. The difference in resilient 
modulus between dry- and wet-of-optimum specimens 
and the average value of the resilient modulus in
crease with decreasing plasticity (or optimum mois
ture content of the soil) is shown in Figure 6. 

The maximum resilient modulus in all series was 
found to lie at a matrix suction value of approxi
mately 800 kPa; there is a drop at 1500 kPa. The 
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indication is that Mr increases again 
suction values beyond 1500 kPa as shown in 
below, which gives a set of samples tested 
drying that gave significantly higher 
moduli: 

Specimen Mr (kPa•lO"') 

Series 3, wet of optimum 236. 9 
Series 3, wet of optimum 197.6 
Series 4, dry of optimum 152.2 

at matrix 
the table 
after air 
resilient 

w (%) 

2.9 
2.2 
2.5 

Therefore, all the evidence suggests the form of 
Mr versus log Wm relationship as given quali
tatively in Figure 7. 

High resilient modulus is rather expected at very 
high suction values and increasing rigidity of the 
soil skeleton. The hump occurring at 800 kPa repre
sents a change more likely in the role of soil mois
ture than in the mechanical behavior of the soil. 
Increasing the dry unit weight with suction should 
also be considered as a contributing factor, al
though it does not explain the decrease in Mr 
after 800 kPa. Buildup of residual deformation is 
very small above 400 kPa, which is indicative of the 
more-elastic character of soil deformations under 
repetitive loading (see ~·igure 12). 

A desaturation initiated at 800 kPa (Figure 8) is 
thought to have resulted from emptying of relatively 
large pores as mentioned earlier. This confines the 
soil moisture to extremely small pores, particle 
surfaces, and interparticle contacts under very high 
tension and possibly results in microcrack forma
tion. This distribution of moisture is believed to 
give the soil structure a more elastically deform
able character while the development of residual 
strains is resisted. The eventual development of 
particle-to-particle bonds beyond a certain suction 
level, then, results in a stiff soil structure that 
displays high resilient modulus as observed in oven
dried tested samples at very high suction values. 

The advantage of relating the resilient modulus 
of soil suction instead of moisture content is evi
dent in Figure 9 due to the fact that the matrix 
suction fixes the position of the maximum resilient 
modulus at 800 kPa for all soils tested, whereas no 
such trend is evident when moisture content is used 
as the main moisture variable. Furthermore, the use 
of moisture content results in considerable scatter 
of the data. 

Because of the small differences in moisture con
tent along the desorption and sorption branches of 
the moisture-retention curve, the samples tested at 
400 and 100 kPa suction on the sorption curve did 
not provide significant insight into the effects of 
moisture hysteresis on the resilient behavior of the 
samples in series 3 and 4 and were not included in 
Figure 5. Series 1 and 2 samples were equilibrated 
only along a desorption curve. 

Effects of Ory Unit Weight and Deviator 
Stress Level on Resilient Modulus 

The samples compacted on the same side of the opti
mum moisture content and tested at matrix suction 
values up to 800 kPa indicate approximately a linear 
variation between Mr and Yd within the suction 
range used; samples compacted dry of optimum exhibit 
a somewhat higher resilient modulus (Figure 10), 
However, this situation is believed to be due as 
much to generally higher soil suction in dry of op
timum at a given unit weight as to the differences 
in the soil structure. Also, any possible relation 
between Mr and Yd breaks down after 800 kPa 
due to the change in soil behavior. 

After the termination of the repetitive loading, 
axial deformation-load curves were taken at increas-
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Figure 4. Resilient modulus versus matrix suction in series 1 and 2 samples. 
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Figure 5. Resilient modulus versus matrix suction in series 3 and 4 samples. 
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ing deviatoric stress levels above the maximum 
repetitive deviatoric stress. At suction values 
less than 1500 kPa, Mr decreased with increasing 
deviator stress. However, in some of the 1500-kPa 
specimens, Mr increased initially, reached a maxi
mum, and decreased thereafter. This leads to the 
argument that the maximum Mr measured at 800 kP a 
may occur at a higher suction or it may disappear 
completely with increasing repetitive deviatoric 
stress levels. 

Relative Energy Absorption Capacity 
Versus Matrix Suction 

The ratio of the area inside the hysteretic load
deformation curve (A1 ) to the area of the triangle 
(A2) in Figure 11 is defined as the relative en
ergy absorption capacity of the soil. It decreases 
rapidly with increasing suction up to 400 kPa in 
series 3 and 4; the minimum is in the vicinity of 
800-1500 kPa. Desiccator-equilibrated samples had 
an absorption capacity somewhat higher than the min
imum for both soils, which signified a delayed elas
tic response of the soil within a suction zone be
yond 1500 kPa and attainment of a nearly perfect 
elastic response afterwards. 

Estimation of this ratio at different stress 
levels and suction values for a soil profile under
lying a structure subject to 
help in assessing the degree 
the soil against vibration 

vibratory loading may 
of damping offered by 
effects. A similar, 

suction-dependent relationship expressed in terms of 
shear stresses will be useful in computing the soil 

Figure 7. Qualitative relationship of resilient modulus versus matrix suction 
including extremely high matrix suction range . 
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Figure 8. Degree of saturation in series 3 and 4 samples as function of matrix 
suction. 
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response to earthquake excitation whether there is 
an already established steady state or a transient 
suction profile. 

Residual Deformation Versus Matrix Suction 

Total residual strain decreased sharply in series 1 
and 2 up to 100-kPa suctioni it remained approxi
mately constant afterwards (Figure 12) • The same 
trend was observed in series 3 and 4, and the resid
ual strain evened out after 200-kPa suction (Figure 
13). There was not a clearly defined indication as 
to which side of the optimum compaction yielded 
higher residual deformation. 

The increase in residual strain with the number 

Figure 9. Resilient modulus versus moisture content in series 3 and 4 samples. 
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Figure 12. Total residual strain 
versus matrix suction in series 1 
and 2 samples at 5000 load 
repetitions. 
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Figure 15. Postrepetitive loading unconfined compressive strength versus matrix 
suction in series 1 and 2 samples. 

£ 
I
t!) 

z 
LlJ 
a: 
I-
en 
0 

10 

~ 4 

• I 

dry of opt. 

optimum 
wet at opt. 

D 

C, 

0 

• 
• • 

I. 10 • 

MATRIX SUCTION, ll,J (kPa xl0-
2

) 
m 

Figure 16. Postrepetitive loading unconfined compressive strength versus matrix 
suction in series 3 and 4 samples. 
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of load repetitions (A cp/_A logN) on a loga
rithmic plot against the soil suction is approxi
mately a straight line, although some scatter at 
suction values less than 400 kPa is evident (Figure 
14). In other words, the rate of increase of resid
ual strain is a transcendental function of suction. 
This suggests that the following relationship may be 
helpful in evaluating the buildup of residual strain 
with an increasing number of load repetitions: 

log (dEp/d ]ogN) =a+ b Jog,J, (I) 

If we integrate Equation 1, the residual strain is 
obtained as follows: 

(2) 
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Figure 17. Pastrepetitive loading unconfined compressive strength versus test 
moisture content in series 3 and 4 samples. 
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where 

a and b 
ljli and \jlf 

empirical coefficients, 
initial and final matrix suction val
ues, 
initial and final numbers of load rep-
etitions, and 

C value of £pat ljli and Ni• 

However, considering the complexity of the field 
conditions, in the absence of supporting data, Equa
tion 2 should be regarded only as a first approxi
mation to the actual residual settlement. 

Postrepetitive Loading Unconfined 
Compressive Strength 

Unconfined compressive strength increases with in
creasing matrix suction in series 1 and 2; dry-of
optimum samples generally yield higher strength 
(Figure 15). Variation of the unconfined compres
sive strength in series 3 and 4 with matrix suction 
is given in Figure 16. The wet-of-optimum specimens 
yield higher strength throughout the moisture
content range; the difference between series 3 and 
series 4 specimens increases with increasing matrix 
suction. However, as is evident from the comparison 
of Figures 16 and 17, unconfined compressive 
strength correlates better with moisture content 
than with matrix suction. Since the data presented 
in Figures 15 and 16 do not indicate the type of 
decrease observed in the resilient modulus beyond a 
suction value of 800 kPa, no interdependence between 
the unconfined compressive strength and the resil
ient modulus of the soil exists after BOO kPa. 
Therefore, the static unconfined compression test 
results should not be taken as indicative of the 
resilient modulus of the soil at high suction and at 
relatively low repetitive-stress levels. 

Sl.J.IMARY AND °CONCLUSIONS 

The changes in the deformation characteristics of a 
number of cohesive soils as a function of the ini
tial matrix suction have been investigated for re
petitive unconfined loading. The following con
clusions are drawn from an evaluation of the data: 
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1. The rate of change in the resilient modulus 
with the number of load repetitions in samples 
tested at the same initial matrix suction can be 
significantly different even for soils with similar 
grain size, plasticity, and compaction character
istics. 

2. The resilient modulus displayed a maximum at 
a matrix suction of about 800 kPa followed by a drop 
and a subsequent increase for the soils tested at 
the repetitive deviator-stress level used. However, 
it is possible that both the magnitude of the maxi
mum modulus and the corresponding er i tic al matrix 
suction change at a different stress level. 

3. The similarity of the curves of resilient 
modulus versus matrix suction obtained on different 
soils supports the use of matrix suction as the 
basic soil-moisture parameter rather than the mois
ture content for indexing the deformation behavior 
of cohesive soils. 

4. The scatter in the curves of resilient mod
ulus versus matrix suction can be minimized by nor
malizing the resilient modulus with respect to a 
parameter related to the plasticity index of the 
soil. Another parameter, which involves the dif
ference between the dry- and wet-of-optimum compac
tion moisture contents compared with the optimum 
compaction moisture content, can possibly be used 
for this purpose. 

5. The effects of dry unit weight on the resil
ient behavior of soil with increasing matrix suction 
can meaningfully be investigated for compaction only 
on one side of the optimum moisture content, either 
dry or wet, because of the fabric effects. 

6. Unconfined compressive strength does not 
prove to be a good indicator of the resilient be
havior of cohesive soils tested at matrix suction 
values above 800 kPa, since it continues to increase 
while the resilient modulus decreases. Strength 
appears to be correlated with moisture content 
better than soil suction, whereas the opposite is 
true for the resilient modulus. 
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Solar Radiation Effects on Frost Action in Soils 

CHESTER W. JONES 

Engineers should be aware of solar radiation effects of frost action in soil 
foundations on the performance of surface structures. Damage to concrete 
canal drop structures and lining from frost heave on shaded sides in contrast to 
sun-exposed sides is described. To demonstrate passive solar effects on frost 
penetration, winter temperatures were measured on the concrete surfaces and 
in the soil subgrade beneath black-painted and unpainted concrete linings on 
shaded and sun-exposed sides of a small canal. Periodically, data on air tem
peratures, snow cover, and cloudiness were collected and incident radiation 
and radiation reflected from the different concrete surfaces were measured. 
Frost penetrated 37 percent less on the painted, sun-exposed side than on the 
unpainted, sun-exposed side. Because of longwave, nighttime radiation, frost 
penetrated 28 percent more on the painted shaded side than on the unpainted 
shaded side. For the unpainted concrete, frost penetrated 9-13 percent less on 
sun-exposed than on shaded sides. 

In the current emphasis to dev:elop solar energy for 
many purposes, the possibility of its use to reduce 
frost action in soil foundations and consequent dam
age to overlying structures should not be over
looked. For frost-susceptible soils in cold cli
mates, the effects of passive solar energy are often 
apparent; it is common knowledge that frost heave is 
often greater in shaded than in sun-exposed areas, 
other surface and climatic conditions being equal. 
For example, this has been observed along highways 
shaded by trees, bluffs, buildings, or overpasses 
where frost penetration has been deeper than in un
shaded areas. Although there are many factors that 
affect frost heave, a general correlation has been 
established between shadow zones beneath east-west 
oriented overpasses and the magnitude of frost 
heave; in extreme cases, differential pavement move
ment has presented a hazard to fast-moving traffic 
(1). 

Differences in performance due to solar influ
ences have also been apparent on concrete lining and 
other structures of irrigation canals. This paper 
will first mention three instances in which damage 
to concrete canal structures has been greater on 
shaded than on sun-exposed sides in areas where 
frost heave has been unusually high. The main part 
of the paper will describe a small field experiment 
where frost penetration was measured in the soil 
foundation beneath black-painted and unpainted con
crete lining on shaded and unshaded canal side 

Figure 1. Damage caused by frost action in soil on shaded south side of canal 
drop structure. 

slopes (~). The experiment was conducted adjacent 
to a site where previous research on polystyrene 
insulation for lining had been completed and a major 
part of the temperature-measuring instrumentation 
was already in place. With a small amount of addi
tional work, the test site provided an opportunity 
to demonstrate solar effects in soil under different 
surface and shading conditions, even though in this 
instance no damage occurred and painting of canal 
linings as a general practice to control frost heave 
would not be practicable. However, the attention of 
engineers should be directed to potential problems 
and beneficial effects from solar action on soil 
foundations of structures. Besides the avoidance of 
problems, there are opportunities to devise new ways 
to use passive or active solar energy to control 
frost heave in soil foundations. Some research in 
this direction has been started with experiments 
such as those on earth heat pipes with solar augmen
tation to control preferential icing on highway 
pavements and bridges (]). 

EXAMPLES OF FROST DAMAGE 

Figure 1 shows a rectangular inclined canal drop of 
reinforced concrete affected by frost action. This 
canal runs east-west and the inward deflection of 
concrete walls has been mostly on the south side 
where shading occurs in winter; the lateral force of 
soil frost action on the wall is apparent from the 
bending of the 75-mm-diameter steel pipes added for 
support. Some of the wall backfill on the shaded 
side has been removed to relieve pressure, and weep 
holes have been drilled to lower the water table. 
The sun-exposed wall is relatively undamaged al
though the drainage from weep holes shows the pres
ence of groundwater. The reinforced concrete floor 
of the chute has also been damaged from differential 
frost heave; greater heave occurred in the south 
half than in the north half. 

Frost damage on the outlet of a rectangular in
clined drop of reinforced concrete is shown in Fig
ure 2. Here the top of the south wall of the east
west oriented structure has tipped inward about 200 
mm. As a maintenance procedure, a concrete cap 
superimposed with soil has been added to prevent 

Figure 2. Wall deflected inward by frost pressures in soil. 
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Figure 3. Breakage during spring thawing period of concrete canal lining on 
south side of east-west oriented canal. 

Figure 4. Cross section of concrete 
lining and angle of sun on 1un, 
exposed slope. 

Figure 5. Plan of frost test section. 
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possible collapse of the wall. 
Figure 3 shows frost-heave damage to a 65-mm

thick slip-formed concrete lining in a small canal. 
At the crack in the side slope, the upper portion of 
the lining is offset upward an amount about equal to 
the lining thickness. This canal is oriented east
west and the greatest damag e by far is on the south
side slope, which is completely or partly shaded at 
times when the sun is low over the southern horizon 
in winter. The damage occurred mostly during a two
week period in March after a particularly cold win
ter. Apparently, during the winter, frost action in 
the soil subgrade heaved the concrete relatively 
uniformly without causing noticeable cracks. When 
thawing occurred in March, the soil under the north 
slope, exposed more or less directly to the sun, 
thawed faster than that on the south side and the 
concrete was broken by the differential settlement. 
Al though other factors such as the insulating ef
fects of snow may have been involved, a study of the 
angle of the sun on the lining in winter (Figure 4) 
offers a possible basis for explaining the slow uni-
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form heave and the faster differential settlement: 
in March the angle is greater than at any other 
time, since significant freezing temperatures 
started at the onset of winter. 

Exploration at the end of March showed ice lenses 
still under the south slope. Subsequently, after 
complete thawing of the soil, the offset was reduced 
to about 25 mm. For north-south oriented canals, 
insolation is more even on both sides of the canal 
and damage from frost heave is usu·ally much less. 

Past damage such as that noted above has led to 
improved design and construction practices to avoid 
damage. In one special instance, a chute 1950 m 
long replaced a series of drop structures located 
down a hillside where extensive damage to the drop 
structures had recurred. The base of the chute was 
located near the ground surface, and shallow subsur
face drains on each side were provided. 

FROST INVESTIGATION 

Test Program 

This solar experiment was conducted during one win
ter. The purpose was to determine what effect radi
ation from the sun would have on frost penetration 
beneath a particular black-painted concrete canal 
lining with its soil conditions compared with pene
tration for an adjacent unpainted section. Incident 
radiation and radiation reflected from the concrete 
surfaces were measured. Temperatures were also mea
sured on the concrete surfaces and at six depths in 
the soil beneath the lining to monitor the progress 
of frost. Climatic data were gathered and the 
groundwater level was recorded at intervals during 
the winter. 

Test Site 

The canal investigation site was located on the 
Riverton Unit, Pick-Sloan Missouri River Basin Pro
gram, on lateral 15,1 about 1,5 km west of the town 
of Pavillion, in west-central Wyoming. It was at 
one of two sites on the project where previous tests 
with polystyrene insulation had been made (_!;~, p, 
17), 

The test section was oriented due east-west, 
which provided shaded south and unshaded north side 
slopes. The soil at the test site ranged from a 
silty or clayey sand to a lean clay; the liquid 
limit was between 26 and 36 and the plasticity index 
between 12 and 20, The soil dry density was 1650-
1675 kg/m3 and the relative mass density, 2.67. 
The moisture content ranged from about 6 percent 
near the ground surface to 25 percent below the bot
tom of the canal where the groundwater table was 
encountered. 

Test Installation 

The test sections consisted of two adjacent sections 
of concrete lining, each about 3 min length (Figure 
5) , Polystyrene insulation 50 mm in thickness with 
a 150-mm soil cover was placed on each side of the 
canal lining to prevent frost penetration from out
side the lining. 

After a thorough cleaning of the concrete sur
face, one section of lining was covered with one 
coat of primer and two coats of black vinyl acetate 
paint (Figure 6) , Surface thermocouples were in
stalled in pairs on the sides (Figure 7) and bottoms 
of the painted and unpainted test sections. The 
thermocouple tips were attached to the concrete with 
screws and black or clear silicone sealant. 

A cross section of the lining with the location 
of thermocouples beneath the concrete is shown in 
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Figure 4, Thermocouples were installed by (a) cor
ing a 100-mm hole through the concrete: (b) augering 
a hole in the soil below, perpendicular to the con
crete surface: (c) placing the thermocouples, which 
were loosely attached at the desired spacing to a 
lath in the hole: (d) refilling the hole around the 
thermocouples with a soil-water slurry: and (e) 
filling the concrete hole with fresh concrete. The 
thermocouple wires were of the polyvinyl-coated, 
copper-constantan type. They were connected to 
multiple-position switches mounted on steel posts. 
A thermocouple to record air temperature was located 
about 1 m from the ground surface in a specially 
constructed wooden box attached to one of the 
switchbox posts. When temperatures were to be mea
sured, a digital thermometer was connected to one of 
the switches and the temperature at each thermo
couple was read by switching from one to another. 

Radiation Equipment 

At the Midvale Irrigation District yard in Pavil
lion, a stationary radiometer was installed on top 
of a post. A digital readout of the total insola
tion for any period of time was provided by an 
ampere-hour meter. A separate meter on the radi
ometer indicated the instantaneous rate of inso
lation. 

At the canal test site, incident radiation and 
radiation reflected from the concrete lining sur
faces were measured by a small portable radiometer. 

MEASUREMENTS AND OBSERVATIONS 

About once a week and for one day each month at 2-h 
intervals between 6:00 a.m. and 6:00 p.m., project 
personnel measured (a) radiation in the general area 
and that reflected from the painted and unpainted 
concrete surfaces, (bl air temperatures, and (c) 
temperatures on the concrete surfaces and in the 
soil beneath, At the time of these measurements, 
clouds were described as high, medium, or low and 
thin or heavy; and degree of cloud cover was esti
mated (clear, less than 0.3; partly cloudy, 0.4-0.7: 
and cloudy, greater than O. 8) • Wind direction and 
speed were estimated and records of snow and ice in 
the canal made. About once a month, the groundwater 
level in a well beside the canal was measured. 

Pavillion is located at 43°50' north latitude and 
108°41' west longitude at an elevation of 1660 m. A 
cumulative degree-days curve, based on air temper
atures recorded at Pavillion, is given in Figure 8; 
this type of curve is useful for comparing temper
atures in different locations (6) , This shows that 
the freezing index was 706 Celsius degree-days; each 
degree-day is the algebraic difference between the 
average of maximum and m1n1mum daily temperatures 
and 0°C, The freezing duration for the winter of 
1977-1978 was 108 days. 

Snowfall during the winter of 1977-1978 was 
light. The following data on snow and ice in the 
canal at the test site were recorded: 

Date Snow and Ice Conditions 
Dec. 9 0.3 cm snow, shaded side 
Jan. 4 1 cm snow, shaded side 
Jan. 13 Trace of snow, shaded side 
Jan. 20 8 cm snow, test area 
Jan. 25 2 cm snow, ground, and 15 cm drifted in 

lateral bottom 
Feb, 2 15 cm snow, in bottom 
Feb. 13 15 cm snow, test section 
Feb. 17 15 cm snow, shaded side 
Feb, 24 6 cm ice, on bottom 
March 1 6 cm ice, on bottom 
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DISCUSSION OF RESULTS 

Radiation 

The radiation measurements and the cloud conditions 
are shown in Table 1. A comparison of radiation on 
the black and unpainted concrete sections can be 
made from the albedo, which is the percentage of re
flected radiation based on the incident or total in
coming radiation. As expected, the black surface 
usually absorbed more daytime radiation than did the 
unpainted surface. Varying cloud conditions some
times affected radiation readings within short time 
intervals. 

The intensity of insolation on a plane surface 
depends on the angle of the sun's rays with the sur
face; the highest intensity is when the angle is 
90°, A plot of sun angles on the sun-exposed north 
side of the canal lining is shown in Figure 41 these 
were computed from the angle of the side slope and 
with the latitude and the declination of the sun. 

Temperature a nd Frost Penel:.ration 

Averages of all temperatures measured at each ther
mocouple beneath the concrete are plotted in Figure 
9. The temperatures of both black-painted and un-

Figure 6. Black-painted concrete lining with unpainted control section in 
foreground. 
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painted concrete were higher on the sun-exposed side 
than on the shaded side by about 6°C at zero depth 
(bottom of the concrete) and less than 1°C at 1000 

mm. Compared with the unpainted concrete, the 
higher average temperatures beneath black-painted 
concrete on the sun-exposed side and lower tempera
tures beneath this type of surface on the shaded 
side are also seen. 

An example of a one-day record of concrete sur
f ace and soil subsurface temperatures is shown in 
Figures 10 and 11. On clear days or when clouds 
were not heavy, the plots of temperatures during the 
day show a wide variation between temperatures at 

Figure 7. Thermocouples for measurement of surface temperatures on 
unpainted concrete lining. 

Figure 8. Cumulative degree-days curve for Pavillion, Wyoming, for winter of 1977-1978. 
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the surface and beneath the concrete on the sun
exposed side. As would be expected, this was much 
less on the shaded side. 

A plot of maximum frost penetration is shown in 
Figure 12. Although the black surface generally 
absorbed more radiation than the unpainted concrete 
during the day, this was offset by the longer-wave 
radiation from the black surface at night. There
fore, although the black surface reduced frost pene
tration 37 percent on the sun-exposed side, it 
caused an increase in penetration of 28 percent on 
the shaded side. 

For the unpainted section, frost penetration was 
9 percent less on the sun-exposed side of the canal 
compared with that on the shaded side. During the 
preceding winter, temperatures on the same section 
indicated that frost penetration was about 700 mm on 
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the sun-exposed side compared with 800 mm on the 
shaded side; the difference was 13 percent. 

Although there were no thermocouples installed 
beneath the painted concrete at the bottom of the 
canal, those installed under the unpainted bottom 
showed that frost had penetrated about 340 mm; dur
ing the previous winter the penetration at this lo
cation was 400 mm. This penetration was probably 
influenced by the presence of the water table and, 
at times, by snow and ice in the lateral. The depth 
of the water table below the lining ranged between 
140 mm on November 17, 1977, to J 325 mm on March 8, 
1978. Thus, the frost penetrated to approximately 
the water-table elevation. 

Frost heave on the lining was not measured during 
this experiment. However, during the previous win
ter, adjacent lining heaved a maximum of about 20 nun 

Table 1. Solar radiation at Pavillion, Wyoming, and at concrete lining test site on lateral 15.1 . 

Pavillion Station 
Incident (W/m2 ) 

Instan- Incident 

Test Site Reflected (W/m2) 

Shaded 

Black Unpainted 

Unshaded 
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and settled back to 4 mm above the prewinter level 
without causing any noticeable cracking (2). 

For any permanent installation of this sort to 
benefit from solar heat absorption, the surface 
would need to retain its capacity for absorption. A 
dark-surface concrete canal lining, whether painted 
or with pigment incorporated in the concrete, would 
no doubt lose much of its color and effectiveness 
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for this purpose because of weathering action and 
the sediment and other material that normally col
lects in a canal. Furthermore, any scheme for 
adapting active or passive solar systems to canals 
would need to be reliable when unattended in rela
tively remote areas and require a minimum of main
tenance. 

Figure 9. Averages of temperatures measured below con
crete canal lining during winter of 1977-1978. 
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Figure 10. Temperatures on surfaces and in soil beneath 
(al painted and (bl unpainted concrete canal lining, 
December 13, 1977. 
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Figure 11. Temperatures on surfaces and in soil beneath 
painted and unpainted concrete canal lining on shaded 
sides and on unpainted bottom, December 13, 1977. 
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Figure 12. Maximum frost penetration beneath concrete canal lining. S{l,IMARY AND CONCLUSIONS 
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Frost-heave damage to concrete canal structures can 
be significantly greater on shaded than on unshaded 
sides due to differences in solar effects on frost 
action in the soil foundation. 

A field experiment was conducted during one win
ter to determine depth of frost penetration beneath 
black-painted and unpainted concrete canal lining on 
the north and south side slopes of an east-west 
oriented canal. The experiment showed that on the 
north sun-exposed slope, maximum frost penetration 
was 3 7 percent less beneath black-painted than un
painted concrete. On the shaded to partly shaded 
south side slope, frost penetration was 28 percent 
deeper beneath the black-painted concrete than for 
the unpainted concrete, which shows the effect of 
the long-wave, nighttime radiation. For the un
painted concrete during two successive winters, 
frost penetration was 13 and 9 percent less on the 
sun-exposed side than on the shaded side. 
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Factors Affecting Coating of Aggregates with 
Portland Cement 

O.E.K. DAOUD, H.R. GUIRGUIS, AND S.K. HAMDANI 

The Kuwaiti experience in applying the technique of cement coating the 
smoothly textured aggregates in the production of high-quality asphaltic mix
tures has been that the success of the resulting cement treatment was not al· 
ways certain. It was influenced rather by a number of material and processing 
variables. The effect of four such variables is investigated by preparing a num
ber of cement-coated sand samples at different levels of treatment and under 
controlled laboratory conditions. Cement coats produced in these samples 
were then evaluated by analyzing and comparing the results from a close visual 
examination, a particle-size analysis, a specific-surface analysis, and a chemical 
analysis for cement content of the various fractions. The study indicated two 
extreme and identifiable states of coating within which successful treatments 
were attainable. At the lower levels of water and cement contents, the added 
cement failed to adhere permanently to the surface of particles, resulting in a 
poorly coated sand of a higher fines content. At the higher levels of water and 
cement, the finer fractions of the sand started forming weakly cemented lumps, 
thus effecting a coarser gradation that lacked the finer sizes. By applying cer
tain limits on the amount of added cement to avoid arriving at these objection· 
able extremes, a practical relationship was developed expressing the amount of 
cement required for proper coating in terms of the specific surface of the sand 
intended for treatment. 

Surface texture of aggregates is an important prop
erty influencing the behavior of asphalt pavements. 
It can be said in general that asphaltic mixtures 
made with rough-textured aggregates have better 
resistance to stripping (]), higher Marshall and 
Hveem stability values at optimum asphalt (1), and 
longer fatigue lives in stress-controlled tests 
(ldl· 

In Kuwait, the technique of coating aggregates 
with portland cement to enhance surface texture is 
widely used at the present time in the production of 
high-quality asphaltic mixtures (2). Under the 
severe weather conditions of the region, these mix
tures are believed to be superior in resisting such 
common types of failure as surface corrugations 
(developed particularly at traffic intersections), 
fat ting up or bleeding, and premature distortion in 
the wheel tracks of heavy and channelized traffic, 
Experience in applying the cement-coating technique 
has indicated that the quality and effectiveness of 
the resulting treatment are not always satisfactory 
and depend on a number of material and processing 
variables. Among such variables are the type of 
aggregate, the amount of added cement, the quantity 
of water, the time of mixing, and the type of mixer 
used in the process. 

Experience has also showed that the effect of the 

above variables in coating fine aggregates is much 
greater than in coating coarse aggregates, where 
good results were readily obtainable. The large 
mass of individual particles in this case and conse
quently the higher-impact forces they produce in the 
mixer during the process of coating leave only a 
secondary role for the smaller forces due to surface 
tension, water viscosity, cohesion, etc., to play in 
distributing the added cement. With sand-size 
aggregates this latter role becomes more important 
and perhaps dominant, A knowledge of the levels at 
which the variables in the coating process would 
produce optimum results becomes highly necessary, 
since an arbitrary selection of these levels may 
produce inferior results. 

A particular difficulty often encountered in the 
cement coating of sand is a significant and uncon
trollable change in its gradation after treatment. 
Either an abundance of fines or severe deficiency 
may result, depending on the values selected for 
various parameters. In addition to reducing the 
effectiveness of the added cement, such extreme 
conditions often necessitate subsequent corrective 
measures to satisfy job-mix requirements for gra
dation. 

The purpose of this paper is to investigate the 
effect of four factors on the quality of the cement 
coat obtained in the treatment of sand: the grada
tion of the sand, its initial surface character
istics, the amount of added cement, and the quantity 
of added water. 

Guirguis, Daoud, and Hamdani Ci) have dealt with 
the effect of coating the aggregates with cement on 
laboratory performance of asphaltic mixes, 

METHODOLOGY 

The approach adopted here was to prepare samples of 
cement-coated sand by several treatments and under 
controlled laboratory conditions. Each treatment 
represented a particular combination of the four 
variables adopted in the study. The cured samples 
were then analyzed by four methods, including gran
ulometric and gravimetric measurements, Results 
from these analyses were compared and discussed, and 
the quality of the different cement treatments was 
appraised accordingly. 
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Figure 1. Program for coating sand with portland cement. 
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l see Figure 2. 

EXPERIMENTAL PROGRAM 

Figure 1 shows the levels of the variables and their 
combinations considered in preparing the samples. 
The selected levels of cement content and the water
cement ratio (W/C) were based on previous experience 
with the technique (2) and on results of a few pilot 
trials. Minimum water requirements for aggregate 
absorption and cement hydration were also taken into 
consideration (2). The optimum conditions of coat
ing were believed to lie within these selected 
levels. 

The aggregates procured for the investigation 
were natural sand and crushed sand, which had par
ticles of distinctly different shapes. Particles of 
the natural sand were rounded and very smooth, 
whereas those of the crushed sand were angular and 
slightly rougher in texture. Some of their proper
ties are given below, and more information on the 
characteristics of the aggregates in the Arabian 
peninsula can be found elsewhere (~): 

P.r opert y 
Sand equivalent (AASHTO Tl76) 
Sodium sulfate soundness 

(AASHTO Tl04) (%) 
Mineral composition (%) 

Quartz 
Albite 
Microcline 
Calcite 

Natural 
Sand 
58 

9 

90 
2 
8 

Crushed 
Sand 
41 

6 

87 
5 
5 
3 

As seen in Figure 2, one gradation (Gl) was selected 
for the natural sand and three (G2, G3, and G4) for 
the crushed sand. These gradations represent the 
range within which sand is locally supplied for the 
production of cement-modified asphaltic concrete. 
The cement used for coating is an ordinary portland
pozzolan cement conforming to ASTM C595. 

The techniques applied to evaluate the conditions 
of coating obtained in each sample will be described 
later. 

SAMPLE PREPARATION 

The steps followed in preparing the coated samples 
are summarized below: 

1. The natural and the crushed sands brought to 
the laboratory were first separated into seven frac-
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Figure 2. Gradation of sand used in study. 
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tions each (ASTM Sieve Nos. 4, 8, 16, 30, 50, 100, 
200) by dry sieving (ASTM Cl36). 

2. By recombining the fractions on a weight 
basis, samples of natural sand and of crushed sand 
(2 kg each) were prepared according to the grada
tions shown in Figure 2. A sufficient number of 
samples was prepared to satisfy the requirements of 
the experimental program adopted in Figure 1. 

3. Samples were oven-dried for 24 h at 70°C. 
Higher drying temperatures were avoided due to the 
presence of unstable constituents in the natural 
sand. 

4. Cement coating was performed for each sample 
independently by using a kitchen-type mixer with a 
5-L bowl. The cement was added to the aggregate 
first, and after 30 s of dry mixing, the predeter
mined amount of potable water was slowly added. Wet 
mixing was continued for 90 s. This sequence was 
selected to comply with that followed on site <2>• 

5. The treated samples were then transferred to 
trays and covered with plastic sheets for a curing 
period of 48 h, which is the minimum period speci
fied in the local road construction documents (5). 

6. After curing, each sample was air-dri-;d at 
room temperature and then separated into seven frac
tions by using the same set of sieves as in step 1. 
The fractions thus obtained were kept, after weigh
ing, in separate containers for subsequent analyses. 

TECHNIQUES OF ANALYSIS 

The cement coatings obtained at different treatments 
were compared and judged for relative quality by 
applying the following methods. 

Visual Examination 

Separated fractions of each sample after coating 
were visually examined and compared with correspond
ing fractions of other samples and of uncoated 
sand. This simple method, though subjective and 
qualitative, allowed useful differentiation among 
various sand fractions regarding cement distribu
tion. · Extreme states of coating were readily dis
cernible to the trained eye. Thicker coats obvi
ously acquired the distinctive gray color of the 
cement itself and appeared darker. Thinner coats, 
on the other hand, appeared lighter in shade, allow
ing the color of aggregate minerals to be partly 
visible. The visual examination was aided by a 
magnifying lens and was performed by the same oper-
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Table 1. Characteristics of sand fractions 
used in specific-surface determination. 

Characteristic 

Natural sand 
Bulk specific gravity 
Maximum voids(%) 
Minimum voids(%) 
Shape factor 

Crushed sand 
Bulk specific gravity 
Maximum voids(%) 
Minimum voids(%) 
Shape factor 

Table 2. Effect of cement content on gradations of natural sand. 

Gradation (% passing) 

Added Cement(%) 
Sieve 
No. 0 6 g 10 12 

Natural Sand, W/C = 0.35 

4 100 100 100 100 100 
8 98.2 98.3 98.5 98.6 98.9 

16 93.2 93.6 94.0 94.0 94.2 
30 82.5 84.5 85.2 85.0 85.7 
so 36.6 45.5 45.8 44.2 42.6 

100 5.4 8.7 8.7 7.5 5.9 
200 1.6 4.1 4.0 3.0 2.0 

Natural Sand, W /C = 0.45 

4 100 100 100 100 100 
8 98.2 98.5 98.5 98.6 98.6 

16 93.2 93.7 93.7 93.8 94.0 
30 82.9 84.2 84.2 84.8 83.2 
50 36.6 44.7 43.5 39.8 33.3 

100 5.4 6.8 5.0 4.0 2.7 
200 1.6 2.7 1.5 1.2 0.9 

ator to enhance consistency in judgments. 

Particle-Size Distribution 

Sieve No. 

4 

2.48 
42.0 
36.9 

1.14 

14 

100 
98.3 
93.9 
84.6 
34.9 

4.7 
1.7 

100 
98.4 
93.2 
74.6 
20.9 

2.3 
0.8 

The particle-size distributions of the coated 
samples were compared with each other and with the 
distribution before coating. The pattern of diver
gence in these gradations signified whether the 
added cement has actually coated the particles, 
remained mostly as free hydrated cement powder, 
caused the formation of concretions by cementing 
smaller particles together, or any combination of 
these effects. 

Specific SurLace 

The specific surface (i.e., surface area per unit 
weight) was used as a characterizing parameter of 
the sand samples and as an indicator of their state 
of coating after treatment with cement. Samples of 
finer gradations or those with increased content of 
fines automatically resulted in higher values of 
specific surface. 

The surface area of each fraction A was first 
calculated by assuming spherical particles, as fol
lows: 

A=6W/G·Dm (1) 

where 

w 

G 

weight of aggregate fraction retained on 
particular sieve, 
density of aggregate, and 
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8 16 30 50 100 200 Pan 

2.63 2.64 2.65 2.66 2.68 2.71 2.76 
43.l 45.8 42.8 44.7 47 .8 55.6 66.3 
36.4 37.7 34.5 35.4 39.2 46.0 55 .9 

l.19 1.22 1.24 1.26 1.22 1.21 1.19 

2.71 2.67 2.60 2.67 2.71 2.75 2.79 
49.6 49.8 50.3 51.4 56.3 59.9 66.8 
45.3 46.4 41.6 43.0 47.3 52.4 53.2 

1.09 1.07 1.21 1.21 l.19 l.14 1.25 

Table 3. Effect of cement content on gradations of crushed sand. 

Gradation (% passing) 

Added Cement (%) 
Sieve 
No. 0 7 9 I I 13 IS 

Crushed Sand , W/C = 0.35 

4 100 100 100 100 100 100 
8 89.1 89.6 90.1 90.1 90.6 90.6 

16 64.0 66.1 67.0 67.0 67.3 67.1 
30 45.0 48.2 48.8 48.9 48.6 47.2 
so 25.6 29.6 29.9 29.1 27.6 24.9 

100 13.3 17.6 17.4 I 5.3 12.6 9.6 
200 6.4 10.4 8.7 6.3 4.1 3.2 

Crushed Sand, W/C = 0.45 

4 100 100 100 100 100 100 
8 89.1 89.7 89.0 89.9 90 .3 90.2 

16 64.0 66.4 66.3 66.1 65.8 64.6 
30 45.0 48.2 47.9 46.8 45.S 41.9 
so 25.6 28.S 27.6 25.1 21.8 16.2 

100 13.3 15.3 17.1 9.0 6.2 4.7 
200 6.4 7.7 4.4 3.0 2.3 1.8 

mean diameter of aggregate fraction= (D1 + 
D2) f 2, Di and D2 being sizes of two succes
sive sieves within which aggregate fraction 
lies. 

The total surface area of a particular aggregate 
gradation At, taking surface irregularity of the 
particles into consideration, is as follows: 

n 
At= k [6W;/( Gi·Dmi)J (CF)i (2) 

i==l 

where n is the number of sieves used in the analysis 
and CF is a correction factor representing the ef
fect of particle angularity. 

A specific gravity and a correction factor for 
each fraction of the crushed and the natural sand 
were determined separately. Determinations of the 
specific gravity were made according to AASHTO T84, 
T85, and TlOO, depending on the size of the parti
cles considered. 

Since there is no simple test available to cor
rect for the effect of surface angularity (.2,) , an 
empirical shape factor was calculated as the quo
tient of the maximum void ratio at the loosest state 
and the minimum void ratio at the densest state 
(10). Perfectly spherical particles of equal size 
were considered to have the same value for the maxi
mum and minimum voids and thus a shape factor of a 
unity. Void ratios at the loosest and densest 
states were determined experimentally according to 
AASHTO T20. Results of specific-gravity and shape
factor determinations are given in Table 1. 



Transportation Research Record 872 

Chemical Anal ysis 

A quick chemical test was performed to determine the 
weight of cement in each fraction of the treated 
sand. The technique is based on dissolving the 
hydrated cement coat in diluted hydrochloric acid 
and observing the resulting change in the weight of 
the sample. Since the acid dissolves part of the 
original sand particles as well, this part had to be 
determined before the net weight of the cement coat 
could be obtained. This was done by adding the acid 
also to a blank sample of uncoated sand. Twelve 
pilot tests by using aggregates coated with prede
termined amounts of cement have shown that this 
technique produced sufficiently accurate results for 
tlje purpose of this study, provided that each case 
is represented by a three-test average. It was 
found unnecessary, therefore, to apply the more 
sophisticated and time-consuming titration method of 
cement content determination (AASHTO T2ll). 

The chemical analysis was performed on sand sam
ples of gradations Gland G2 only. 

RESULTS AND DISCUSSION 

By applying the above methods for evaluating the 
coated sand samples, the following results and 
observations were obtained. 

The visual examination was first made on the 
whole sample (i.e., before sieving). It was found 
difficult in this way to identify sample-to-sample 
or fraction-to-fraction variation in the quality of 
the cement coat produced. Accordingly, observations 
were subsequently made on the basis of individual 
fractions after sieving. The descriptions obtained 
indicated that the uniformity of the resulting coats 
among various fractions of a particular sand sample 
depends highly on the amount of the cement added in 
the process. The higher the added cement was, the 
better were its distribution and the coating of the 
particles. A critical percentage, however, was 
visually identified beyond which particle agglomera
tion seems to occur. Such an optimum cement content 
was found to vary slightly with the quantity of 
added water and the initial gradation of the sand. 
Cement optima for natural sand at W/C ratios of 0.35 
and O. 45 were observed at approximately 14 and 12 
percent, respectively. Corresponding optima for 
crushed sand at the same levels of W/C ratio were 
observed at 15 and 13 percent for G2, 14 and 13 
percent for G3, and 12 and 11 percent for G4. In 
other words, the coarser the sand, the less cement 
is needed to produce an optimum distribution. 

Results of the particle-size-distribution analy
sis for the natural sand and for one gradation, G2 
(as an example), of the crushed sand are listed in 
Tables 2 and 3. A comparison of the figures in 
these tables shows that the size distributions of 
the coarser fractions were minimally affected by the 
introduction of the cement. For the finer frac
tions, however, the effect of coating on gradation 
was tangible and had a definite pattern. At the 
lowest cement treatments of 6 percent and 7 percent, 
gradations were significantly finer than before 
coating. As the cement content increased, the 
divergence progressively narrowed, and at 14 and 15 
percent, respectively, the gradations became coarser 
than before treatment. This trend is clarified in 
Figure 3 by plotting the percentage of added cement 
versus the amount of material passing the No. 200 
sieve for the treated sand. It is believed that 
most of the increase in this fraction is due to the 
fact that free hydrated cement is unable to adhere 
permanently to surfaces of larger particles because 
of the mechanical agitation they received during or 
after treatment. The increased fines therefore 
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indicate a waste of cement. The effect of increas
ing the W/C ratio to O. 45 was a reduction in the 
cement level at which this finest fraction reached 
its original value, as indicated by the horizontal 
dashed lines. 

A typical set of calculations involved in sur
f ace-area analysis is given in Table 4; the follow
ing results were obtained for total surface area and 
specific surface: 

Coating Total Specific 
Cement Surface Surface 

!'l Are a (cm 2) (cm2L9l 
0 8 194 81. 9 
7 10 064 100.6 
9 9 665 96.6 

11 8 780 87.8 
13 7 842 78.4 
15 7 100 71.0 

The consistently falling trend of the relationship 
between cement content and specific surface, shown 
in Figure 4, seems implausible, since by addi~g more 
cement the particles would become rougher and pre
swnably of higher specific surface. However, this 
is true assuming that all the added cement would 
form a permanent coating on the particles of sand 
without changing the original number of these parti
cles. Such an ideal coating was unobtainable be
cause of two effects: 

l. Not all the added cement contributed to the 
formation of a permanent coat. Under conditions of 
low cement and low water content, most of the cement 
was left free, which obviously increased the value 
of the specific surface of the whole sample, as seen 
on the left-hand side of Figure 4. 

2, The actual number of individual particles of 
the sand is often reduced after the process of coat
ing. While the sample was still wet, the finer 
particles, due to their light weight, were held 
together in groups or to surfaces of larger parti
cles by the comparatively larger forces of water 
viscosity and surface tension. After hydration of 
the cement, many of these particles became insepar
able; the net effect was a reduction in the total 
surface area of the sand sample. This behavior 
appeared to prevail at conditions of high cement and 
water contents as seen on the right-hand side of 
Figure 4. The final value of the specific surface 
of a treated sample would therefore depend on the 
extent to which each of the above conflicting ef
fects takes place in the process. 

Results of the chemical analysis are presented in 
Figures 5 and 6 for the natural sand and in Figures 
7 and 8 for the finest of the three crushed-sand 
samples (G2). A sample of the computations involved 
is shown in Table 5. 

At the lower level of W/C ratio, Figure 5 shows 
that the distribution of the added cement among the 
fractions of natural sand is most uniform at its 
highest content of 14 percent. At this level the 
concentration of the cement coat (grams per square 
centimeter) varied by 20 percent within most of the 
particle size range, As the amount of cement was 
reduced, its distribution became increasingly non
uniform. Particles between sieves No. 30 and No . 
100 received the thinnest coatings, while dispropor
tionate thicker coats were attracted by the finer 
material passing sieve No. 200. At the lowest 
treatment of 6 percent, the concentration of coating 
corresponding to this minus No. 200 sieve fraction 
is approximately 17 times that for the coarser frac
tion retained on sieve No. 50. Obviously this pat
tern is rather wasteful. It should be remembered 
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that the ultimate objective of the coating process 
is to make possible the production of better-quality 
asphaltic mixtures, largely by improving the surface 
texture of the aggregates used. A desirable pattern 
of cement distribution would accordingly be that 
producing preferential coating for those fractions 
of aggregate whose contribution to the frictional 
component of mix stability is maximum. The coarser 
particles of sand do contribute to this componenti 
they are part of the load-bear'ing skeleton of aggre
gates in dense asphaltic mixtures. Consequently, 
the added cement should, in our view, mainly coat 
these coarser fractions rather than the finer parti
cles whose function is more of filling the smaller 
voids within the structural matrix. Distributions 
similar to this were obtained generally at the 
higher levels of cement and water content as seen in 
Figures 6 and 8. Ryan (11), however, states in dis
cussing aggregates for bituminous plant mixtures, 
"Particle shape and surface characteristics are just 
as important in the fine aggregate, even down to the 
minus 200 mesh or flow size as in the coarse ag
gregates •••• • 

Generally the added cement produced better coat
ings for the crushed sand than for the natural 

Figure 3. Effect of cement content on fraction passing No. 200 sieve. 
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Table 4. Sample computations in determining 
specific surface of cement-coated sand. 

Sieve 
No. Dm (cm) 

4 0.3555 
8 0.1777 
16 0.0890 
30 0.0450 
50 0.0225 
100 0.0112 
200 0.0056 
Pan 
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sand, The variation in the concentration of the 
cement coat for most crushed fractions is negligible 
at the higher cement treatments (Figure 7). More
over, the coarser particles retained on sieve Nos. 
8, 16, and 30 received heavier coatings in this case 
compared with corresponding sizes of natural sand 
(Figure 5). 

The effect of increasing the W/C ratio was bene
ficial in almost all the cases. Cement treatment of 
the natural sand at 8, 10, and 12 percent levels 
produced more uniform coatings (Figure 6), while for 
crushed sand the cement produced consistently heav
ier coats as the size of fraction increased (Figure 
8). 

From the results obtained in this investigation, 
it was found possible to define desirable minimum 
and maximum cement contents for each gradation and 
W/C ratio. The criterion for selecting a minimum 
cement content was the production of a coated sand 
that had basically the same gradation and specific 
surface as before coating. The maximum cement con
tent was defined as the minimum percentage that 
would produce the most uniform coating on the sur-

Figure 4. Effect of cement content on specific surface of sand. 
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Particle Surface Area• (cm2
) 

Coating Cement(%) 

[6(SF)/Dm(G)] 0 7 9 II 13 15 

6.79 75 71 67 67 64 64 
13.54 339 317 313 313 316 318 
31.36 596 564 569 568 586 624 
60.48 1173 1122 1147 1198 1270 1349 

117.14 1476 1407 1458 1617 1757 1792 
221.06 1459 1600 1930 1990 1879 1415 
480.63 3076 4984 4181 3028 1970 1538 

3 Based on the percentage retained on each sieve for an original sample of 2.0 kg. 
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face of different fractions of the sand. By using 
such limits, a useful form of presenting the results 
of the study is demonstrated in Figure 9. The three 
gradations of crushed sand (G2, G3, and G4) provided 
three points for defining each of the lines in Fig
ure 9. Obviously, a similar presentation for the 
natural sand was not possible since only one grada
tion (thus, one value of specific surface) was 
investigated in this case. 

CONCLUSIONS 

1. The direct method of visually examining the 

Figure 5. Effect of cement content on its distribution among sand fractions: 
natural sand, W/C = 0.35. 
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Figure 6. Effect of cement content on its distribution among sand fractions: 
natural sand, W/C = 0.45. 
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treated sand allowed a satisfactory and a rapid 
evaluation of the quality of the cement coat pro
duced, provided that the samples examined were first 
separated into a number of fractions by sieving. 

2. In the treatment of sand with portland ce
ment, two extreme states are distinguishable within 
which effective coating can be found, In one, often 
observed at low water and/or cement content, the 
added cement failed to adhere permanently to the 
surface of particles, and thus produced a poorly 
coated sand with an unnecessarily high content of 
fines. In the other, observed at high water and/or 
cement content, the finer fractions of the sand 

Figure 7. Effect of cement content on its distribution among sand fractions: 
crushed sand, W/C = 0.35. 
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Figure 8. Effect of cement content on its distribution among sand fractions: 
crushed sand, W/C = 0.45. 
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Table 5. Sample computations in determining cement distri
bution by chemical analysis. Coated Sample Uncoated Sample 

Soluble Soluble Cement Surface Cement Coat 
Sieve Weight Matter Weight Matter Coat• Area Densityb 
No, (g) (%) (g) (%) (g) (cm2 ) (g/cm2 ) 10·4 

8 32.3 l.83 36.0 1.71 0.04 275 1.4 
16 103.2 2.84 99.4 1.44 1.44 I 548 9.3 
30 201.6 3.30 206.8 0.55 5.54 6 529 8.5 
50 915.8 4.91 925.8 0.59 39.56 58 566 6.7 
100 822.7 11.13 625.2 0.88 84.33 75 981 11.1 
200 101.3 35.13 75.7 4.14 31.40 18 028 17.4 
Pan 65.6 78.70 31.5 11.13 44.32 14 573 30.4 

~Column 3 minus column S multiplied by 2, all of which is divided by J 00. 
Column 6 divided by column 7. 

Figure 9. Limits of cement content for coating crushed sand. 
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tended to form weakly cemented agglomerations that 
resulted in coarser gradations lacking in fines. 

3, The investigation has shown that the amount 
of cement required for a proper coating needs to be 
rationally expressed by relating it to the surface 
prea of the sand to be coated, 

4, By defining limiting criteria for the per
centage of added cement in the coating process (to 
avoid the objectionable extremes mentioned above) , 
such a relationship as suggested in paragraph 3 
above can be developed, In this study a relation
ship thus developed is shown in Figure 9 for the 
crushed sand. 

5. For a particular value of specific surface of 
sand, the quantity of cement required for an optimum 
coating is found to reduce with an increase in the 
W/C ratio, within the extremes mentioned above, 
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Rock Aggregate Management Planning for 
Energy Conservation: Optimization Methodology 

FONG-LI EH OU, WALLACE COX, AND LEE COLLETT 

A mixed-integer programming approach is used to develop a rock aggregate 
management planning process. The basic objective is to minimize the use of 
aggregate materials and energy in transportation construction. Two models de
veloped by the U.S. Forest Service are adopted for developing the planning 
process. Model 1, a minimum-path model, is used to evaluate the need of ag· 
gregate materials based on the least combined cost of vehicle operation, road 
maintenance, road construction and reconstruction, and environmental protec· 
tion. Model 2, a rock aggregate shipment model, is utilized to allocate aggre· 
gate materials from the source to the project based on the least combined cost 
of transporting materials and material production. Since fuel cost accounts for 
more than 20 percent of the cost for hauling materials and material production, 
the process is considered to be energy-sensitive. The process is applied to the 
plan for developing and allocating aggregate materials in the Mount St. Helens 
volcano area of the Gifford Pinchot National Forest. The aggregate is used to 
reconstruct the system for transporting the timber from the forest's recurring 
annual harvest, as well as the salvage timber resulting from the Mount St. Helens 
volcanic eruption of May 18, 1980. The process is an extension of the urban 
transportation planning system process and can be applied to areas other than 
the forest land. 

The construction of transportation facilities con
sumes billions of tons of rock aggregate annually. 
Like many other materials, the aggregate is in 
finite quantity and quality. It is nonrenewable 
and, depending on local geology, may be extremely 
limited. As a consequence, geographic distribution 
and quality often do not match requirements. The 
result is that hauling aggregate can consume large 
quantities of energy, and thus aggregate that is 
normally inexpensive can become quite costly. 

The use of energy to transport aggregate mate
rials has not been explicitly considered in aggre
gate management planning. However, energy consump
tion has become a significant factor in transporta
tion planning because of transportation's heavy 
reliance on apparently inadequate oil supplies as a 
primary source of energy. Since expected oil sup
plies will probably not satisfy projected oil con
sumption in the future, conservation is considered 
as an appealing means for overcoming the fuel short
age. 

The purpose of this paper is to develop a rock 
aggregate management planning process based on 
mixed-integer linear programming (MILP) techniques. 
The process would lead to minimizing the use of 
aggregate materials and energy in transportation 
construction. Its applicability has been demon
strated by a case study for the development of a 
rock aggregate management plan for the Mount St. 
Helens volcano area. 

ENERGY SAVINGS AND AGGREGATE MANAGEMENT PLANNING 

The objective of rock aggregate management planning 
is to establish a basic planning policy for evalua
tion, utilization, and conservation of rock aggre
gate resources in support of public needs. Aggre
gate resources are those occurrences of rock, 
gravel, sand, silt, and clay materials that are of 
sufficient quality to be utilized as construction 
materials. These resources exist in varying quan
tity and quality on U.S. lands and provide the major 
material source for road metal, concrete aggregate, 
asphalt pavement, and structural foundation rein
forcement. They cannot be regenerated or replaced 
at a rate comparable with that of their extraction. 

The rock aggregate management program as shown in 
Figure 1 indicates that the first step toward effec
tive aggregate management is to make an inventory of 
all aggregate sources within the area of interest. 
It includes the determination of past activity for 
each site, estimation of quantity and quality re
maining, assignment of a use potential for the 
future, and estimation of the work needed for con
tinued resource development. Concurrently, a step 
is taken to identify the present and potential 
demand. Based on the quantity and quality of both 
supply and demand, the distribution pattern of the 
aggregate may be determined. The performance of 
these three steps in the first phase facilitates the 
necessary information for developing the master 
plan. The next phase of the program is to monitor 
the aggregate management plan and determine how well 
the plan meets the established land-management 
objectives and planned targets. This assessment 
provides information for improving the management 
plan. The last two phases are to develop a pit or 
quarry operating plan and specify requirements for 
surface restoration and temporary erosion measures 
needed to protect the aggregate resources. The 
major concern of this study is to develop a planning 
process for optimal use of aggregate and energy as 
shown in the first phase of the planning program. 
The costs of energy consumption of other phases are 
to be used as inputs to this process. 

Since energy cost accounts for about one-third of 
rock aggregate transportation cost, the distance 
between the source and the project plays a key role 
in conserving energy. One way to reduce the haul 
distance is the optimization of road design for 
aggregates to make the best use of local materials. 
This can be achieved by providing alternatives for 
use of different levels of base, subbase, and as
phalt pavement materials. 

After the location, quantity, and quality of both 
supply and demand are identified, the plan for 
further energy conservation relies on the selection 
of the path with the least consumption of energy (or 
with the least haul cost) for transporting mate
rials. The least-haul-cost algorithm then directs 
the material distribution pattern and will not allow 
aggregate cross haul. The selection of least-cost 
path depends on the vertical profile, horizontal 
alignment, and roadway characteristics, such as 
designed surfacing and system reliability, which all 
influence the fuel consumption of vehicles using a 
particular road. However, route characteristics are 
different from one path to another. Improving road 
conditions of a particular route may change another 
path selection in favor of that route. Thus the 
system improvement should be included in the path
selection process. Since the social and environ
mental impacts are of concern, the selection of a 
particular mode and a least-cost path should be 
subjected to both social and environmental con
straints. 

Beside transporting materials, material produc
tion also consumes fuel. As indicated by Kirby and 
Lowe (.!), production activity can be divided into 
three components: site development, site restora
tion, and manufacturing process. Site development 
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Figure 1. Rock aggregate management planning program. 
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consists of providing an access road, clearing 
vegetation, removing overburden for opening a pit or 
a quarry, and transporting and setting up equipment 
that remains on site. Site restoration includes 
removing all equipment, cleaning and smoothing up 
the area, restoring a required thickness of topsoil, 
reestablishing vegetation, and obliterating the 
access road. The manufacturing process consists of 
pit or quarry development, material processing, and 
pit or quarry restoration. Fuel costs account for 
15-20 percent of total costs involved in each of the 
above activities. Energy conservation in the manu
facturing process can be achieved by the optimiza
tion of road design as indicated previously. The 
fuel consumption for site development and site 
restoration may be reduced if the demand is tempo
rally and spatially continuous. Under this condition 
the number of pits or quarries needed to be open is 
minimal and the frequency of equipment movement may 
be reduced. Thus the time period of road cons·truc
tion becomes one of the important features in deter
mining energy conservation. Note that action to 
reduce environmental impact also should be consid
ered in each of the above activities. 

The foregoing discussion indicates that almost 
all decisions concerning location, basic design, 
schedule, travel path, and materials used in con
structing a roadway have profound implications for 
energy consumption. Decisions made today in which 
one alternative is chosen over another influence 
energy consumption now and, perhaps more important, 
have ramifications that will affect energy consump
tion for years to come. There is a pressing need to 
use an optimization technique developed in accor
dance with the aforementioned factors in making an 
effective aggregate management plan. This need has 
been recognized by the panel of a three-day work
shop, Optimizing the use of Materials and Energy in 
Transportation Construction, November 12-14, 1975, 
which was sponsored by the Federal Highway Adminis
tration, the Energy Research and Development Admin
istration, and the Federal Energy Administration and 
conducted by the Transportation Research Board (ll• 
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PLANNING METHODOLOGY 

Current Approaches 

The formulation of an aggregate management planning 
process involves two major tasks. Given an existing 
network, the first task is to select a least-cost 
path based on a list of improvement options for 
various links, the projected traffic volume between 
various origin and destination pairs, and the se
lected optimal set of links to be improved or added 
to the existing network. In other words, based on 
the least combined cost of vehicle operation, system 
improvement, and road maintenance, the first task of 
the process chooses the optimal set of links to be 
improved or added and assigns the projected traffic 
to the new system simultaneously. 

various network design models have been developed 
to solve the least-cost-path problem (3,4). The 
present study selected a network model developed by 
Kirby, Wong, and Cox for single-commodity applica
tions (5) and expanded by Ou, Cox, and Collett for 
multicommodity applications (6). Kirby's model is an 
MILP model that allows the - project cost, vehicle 
operation cost, road maintenance cost, and the cost 
of environmental protection to be considered simul
taneously to obtain an optimal solution. It has 
been used by many national forests across the coun
try for timber sale appraisal. This model is re
ferred to as Model l in the rest of this paper .• 

In Model 1, the network connectivity is modeled 
by a set of arcs. The nodes are numbered, and 
contiguous arcs are defined by common node numbers. 
Since the model represents the actual movement of 
vehicles through defined physical areas, both pits 
or quarries and roads for construction are also 
represented by nodes and arcs. In addition to 
connectivity, the arcs are defined by the following 
network parameters: length (miles or kilometers), 
capacity (vehicles) , average speed (miles or kilo
meters per hour), nominal travel time (minutes), and 
average cost. 

The second task in developing the aggregate 
management planning process is to derive an algo
rithm by which the process is able to allocate rock 
supply to demand based on the least cost of trans
porting materials and material production (including 
environmental protection). A rock aggregate ship
ment model developed by Kirby and Hager (7) was 
selected for this purpose. The model is still in 
the experimental stage and is referred to as Model 
2. It is an integer linear programming model and 
employs a O, 1 type of variable that behaves as an 
integer variable. 

The concepts and mathematical formulations of 
Models 1 and 2 as discussed above were adopted to 
develop a rock aggregate management planning 
process, presented in the next section. 

Mathematical Programming Approach foe Aggregate 
Management Planning 

Based on the above discussion of factors related to 
a rock aggregate management plan, the mathematical 
derivation of an aggregate material allocation 
process follows. Let F be the set of destinations 
and G the set of origins for aggregate material type 
a. Lett be the index number of the time period and 
aamXamijht be the amount of type-a aggregate 
hauled from origin i to destination j via path h 
during period t [where a is the load per vehicle; 
X is the traffic volume; m (number of modes) 
1,2,3, ... ,M; i = 1,2,3, ••• ,I; j = 1,2,3, ••• ,J; and t 
= 1,2,3, ••• ,TJ. Finally, let Ft~F be the set of 
destinations for which the material can be developed 
from the set of origins Gt~G in the period of t. 
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Note that Ft and Gt will not necessarily contain 
all the elements of F and G, respectively. For 
example, if all types of needed aggregate materials 
are at destination j at time t; then i~G and ·KF but 
iEt<it and jEfcFt. 

The selection of origin i for developing 
aanramijht and hauling it to dest i na t ion j in 
time t is based on an objective function that 
minimizes the costs of total material, which 
includes transportation, site development, periodic 
fixed items, manufacturing process, site 
restoration, project construction, road maintenance, 
and environmental protection. An MILP formulation 
can be made by considering multiorigins, 
multidestinations, multimodes, and multiple time 
periods. The formulation may also take into account 
options of timing, location, quality and quantity of 
material development, as well as road construction 
and maintenance operations. It takes the following 
form: 

Minimize Z= f WPt [ t(Yi<Pit + Uitirit + Wii/lit 

+ L. CaitO'amX.mijt + 4h CmijhtO'amXamijht) 
amJ amJ 

+ 4. CmijhtO'bmXbmijht + k K,.18r1] 
bmljh r 

(!) 

Subject to supply constraints: 

(2) 

Subject to: 

</J; t ,; 7Tit for all resource a, origin i, time period t (3) 

Demand constraints: 

I: O'a X ""ht= VaJ·t for all resource a, destinationj, time period t (4) 
ihm m am1J 

Link-capacity constraints: 

k ~It CX.mijht + Xbmijht)" Xnt foralllinkn,capacityperiod t (5) 
amijhe {Lnt} 

Project-construction-requirement constraints: 
I 

.. I: 
1 

}X.mijht + .. I: 1 } Xbmijht" k g,8rr , 
am1Jh€ \Pr bm1Jhe\Pr r-1 

for project r, time period t (6) 

Site-development constraints: 

t 
I: <Pix ;, 7Tit for all origin i, time period t 

X=l 

T 
I: '¥ix ;, rrit for all origin i, time period t 

A=t 

I: O'amXamijht ;, <Pit for all origin i, time period t 
amjh 

(7) 

(8) 

(9) 

I: O'am Xamijht ;, '¥it for all origin i, time period t 
amjh 

(10) 

The variables are as defined below: 

Notation 
z 

Variable 
Sum of material production cost 

and transportation cost 
Present value of 1 expended at be

ginning of time period t 
Fixed site-development cost at 

site i 
Periodic fixed cost at supply site 

i for every operation period t 
Fixed site-restoration cost (in

cluding environmental-protection 

Xamijht 

Xbmijht 

Cmijht 

'lrit 

gr 
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cost) at site i 
Manufacturing-process cost per 

unit of aggregate material a at 
site i during time period t 

Traffic volume between origin i 
and destination j hauling aggre
gate material a via route h by 
modem during time period t 

Traffic volume between areas i and 
j for transporting commodity b 
via route h by modem during 
time period t (where b = 1,2,3, 
••• ,Band commodity b includes 
persons when modem represents 
passenger vehicles) 

Round-trip vehicle operating cost 
of modem in time period t and 
route ijh including user's cost 
and operator's road-maintenance 
cost 

Sum of construction cost and envi
ronmental-impact cost of project 
r if the project is selected in 
time period t 

1 if site i is operational in pe
riod t, O otherwise 

Continuous nonnegative variables 
that behave like integers; that 
is, ~it= 1 if the first 
operation period of site is pe
riod t, 0 otherwise, and 'it 
= 1 if the last operation period 
of site i is period t, O other
wise 

Load per vehicle of modem for ag
gregate material a and commodity 
b, respectively 

1 if project r is built in period 
t, O otherwise 

Amount of aggregate material a 
available at site i during 
period t 

Amount of aggregate material a re
quired at destination j during 
period t 

Portion of traffic flow from ori
gin i in time period t that oc
curs during link capacity period 

Maximum permissible traffic over 
a period of time on link n in 
time t 

Set of routes ijh that use link n 
during time period t 

Set of routes ijh that require the 
construction of project r 

Arbitrary large constant greater 
than the overall traffic volume 
in all periods that use links 
covered by project r 

In words, Equation 1 is an objective function 
that aims to minimize the sum of costs of resource
site development, periodic fixed items, fixed site 
restoration, manufacturing process, transportation, 
road construction, and related environmental protec
tion. The transportation cost accounts for both 
vehicle-operating and road-maintenance costs. The 
road-construction cost considers any expense for 
improving the transportation system, including 
constructing new facilities and reconstructing 
existing facilities. The periodic fixed cost in
cludes royalties, while the costs of other items are 
as defined previously. 

Equations 2, 3, and 4 are constraints on the 
traffic generated in origins and attracted to desti
nations in time t. Equation 5 describes constraints 
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on the capacity of a particular link in time t, 
while constraints related to project construction in 
terms of construction cost and environmental-protec
tion cost are shown in Equation 6. Finally, Equa
tions 7, 8, 9, and 10 present the site-development 
constraints that allow the site development to be a 
factor for determining the resource-site selection. 

The purpose of considering multiple time periods 
is twofold. First, it provides an option for esti
mating project-construction cost with discount 
rate. In a regionwide transportation system im
provement, the road construction or reconstruction 
usually takes place during more than one period of 
time. Second, the multiple time period allows the 
estimation of rock aggregate needs in different 
periods of time that could be used to determine the 
economic feasibility of opening a new pit (or 
quarry) or reopening an old pit (or quarry) . The 
site-development costs are substantially different 
between a new pit (or quarry) and an old one. 

It should be noted that in the development of 
Model 1 for minimum-path network analysis, both 
lower bounds and higher bounds of the resource 
quantity in terms of supply and demand were consid
ered. Such a consideration is a requirement to 
achieve an optimization solution. The first minimum 
user's cost path through the transportation system 
is generated by Martin's standard labeling algorithm 
(8), while the next minimum paths are found by a 

modified Hoffman-Pavely algorithm (9). 
The derived optimum path must be included in the 

set of paths derived from the n best user-path 
algorit-hms. The best or second-best user path may 
not be the optimum path subject to other costs and 
constraints. The relationship of the best user path 
to the optimum path is a function of user numbers or 
traffic volume and its ability to offset other costs 
and constraints. In a low-volume or short-plan
ning-horizon situation it may be difficult to obtain 
this route by utilizing a minimum-user-cost algo
rithm. Kirby and others have suggested a simul
taneous solution to this type of problem by utiliz
ing conservation-of-flow equations within the MILP 
application (3). In a multimode, multitrip-purpose, 
multitime-period situation, this usually creates a 
very large and unyielding problem. The advantage of 
using a minimum-user-cost-path algorithm is that it 
causes many superfluous or spurious combinations to 
be pared off. 

Aggregate Management Planning Process 

In accordance with the above theoretical framework, 
a rock aggregate management planning process was 
developed. It consists of the following steps: 

1. Inventory (land use, rock aggregate and other 
resources, population, traffic, and transportation 
facilities) 1 

2. Land-use forecast1 
3. Trip generation; 
4. Modal split1 
5. Trip distribution, network assignment, and 

project selection; 
6. Estimation of rock aggregate demand; 
7. Examination of the impact of rock haul on 

general traffic and repetition of steps 3-6 if the 
impact is significant; 

8. Estimation of fixed cost, manufacturing cost, 
transportation cost, and placement cost; 

9. Allocation of rock aggregate supply to de
mand; and 

10. Evaluation of the difference between the 
resultant rock-haul traffic and that estimated in 
step 7 and repetition of steps 3-9 if the difference 
is significant. 
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The sequence of these steps is shown in Figure 2. 
The first step includes an inventory of existing 

traffic throughout the whole region of interest 
together with inventories of land use, rock aggre
gate and other resources, socioeconomic characteris
tics of the population, and the existing transporta
tion facilities. The second step is to forecast the 
land use that should occur in the forecast period. 
The next two steps are to predict the traffic demand 
by mode that may be anticipated and the way in which 
this will occur throughout the region. The fifth 
step is composed of an optimization procedure of 
trip distribution, network assignment, and project 
selection. It is carried out by Model 1, the mini
mum-path model that uses the least combined cost in 
terms of vehicle operation, road maintenance, road 
construction, and environmental protection. Step 6 
is to estimate the rock aggregate demand by types of 
material such as plant-mix, base, subbase, and 
subgrade alteration and by periods of project con
struction. The option of subgrade alteration is to 
use native material for the substitution of base 
and/or subbase. It is designed to conserve high
quality rock and reduce fuel consumption. The 
seventh step is to examine · the impact of traffic 
generated by hauling rock aggregate on the general 
traffic flow. If the impact is significant, it may 
change the system improvement and therefore the need 
for rock aggregate. This would require a repeat of 
the process from steps 3 to 6. The eighth step 
includes estimating various costs related to rock 
aggregate allocation, such as fixed items, manufac
turing, rock hauling, and placement. As indicated 
previously, the fixed costs are the sum of costs for 
developing, maintaining, and restoring a quarry or 
pit as well as for setting up and removing equip
ment. Manufacturing, rock hauling, and placement are 
costs per unit volume of a specific type of mate
rial. As shown in Figure 2, the haul cost is esti
mated by using Model 1 in accordance with the pro
posed network and the future traffic (including rock 
haul). 

The ninth step is to allocate the rock supply to 
demand by using Model 2, the rock aggregate shipment 
model. The inputs of the model are the cost items 
as mentioned together with the quantity and quality 
of rock aggregate supply and demand. The outputs of 
Model 2 include both cost and material summaries. 
The cost summaries contain material manufacture, 
material transportation, and the sum of the two. 
They are specified by type and period for each 
road. The material summaries include (a) material 
manufactured at each quarry or pit by type and 
period, (b) flow of material from quarry or pit to 
road by type and period, (c) amount of material 
placed on each road by type and period, and (d) 
amount of subgrade alteration on each road and 
period during which the treatment is done. 

The last step is to examine the actual impact of 
traffic generated from hauling rock aggregate on the 
general traffic flow. If the actual impact is 
significantly different from that estimated in step 
7 and used in step 8, the iteration of the process 
from steps 3 to 9 must continue. However, if data 
for both rock aggregate supply and demand are avail
able, the execution of steps 8 and 9 may result in a 
primary rock aggregate allocation. 

Note that steps 1 to 5 are consistent with the 
Urban Transportation Planning System (UTPS) process. 
Thus the rock aggregate management planning process 
can be considered as an extension of the UTPS pro
cess. 

The case study below demonstrates the application 
of the rock aggregate management planning process to 
the Mount St. Helens volcano area of the Gifford 
Pinchot National Forest, Skamania County, Washington. 
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Figure 2. Rock aggregate management planning process. I Inventory - - - - - - - - '"""j 
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Figure 3 shows the forest transportation system in 
the Mount St, Helens volcano timber salvage area. A 
great portion of this system was damaged by the 
volcanic eruption of May 18, 1980. In order to 
provide access for transporting salvage timber and 
other land-management activities, the system must be 
improved, The plan for system reconstruction was 
carried out by using the rock aggregate management 
planning process. 

Three items for the inventory were timber har
vest, transportation system, and rock aggregate 
resources, It was estimated that 1250 million board 
feet (mmbf) of timber with 700 mmbf of salvage sale, 
300 mmbf of green sale, and 250 mmbf of private sale 
are to be hauled through the volcano-area transpor
tation system in the next two seasons. The examina
tion of road conditions found that the system re
quires 44.1 miles (71 km) of asphalt pavement over
lay and 103,1 miles (165.9 km) for rock aggregate 
surfacing. In addition, 62.5 miles (100.6 km) of 
forest road may require new asphalt pavement, The 
need for pavement was justified by the economic 
feasibility of construction costs versus savings of 
vehicle-operating and road-maintenance costs. The 

Model II 

Allocation of Rock Supply to Demand 

Optimal Rock Allocation 

is Obtained 

rock aggregate supply 
candidate quarries with 
(965 627 m1 ) including 

primary investigation of 
indicated that there are 18 
a total of 1 263 000 yd' 
240 000 yd' (183 492 m') of plant-mix, 482 000 

base, and 541 000 yd' yd' (368 513 m•) of 
(413 622 m1 ) of subbase. 

Since the main purpose of improving the system in 
the volcano area is to haul salvage timber, the 
second step of the planning process, the land-use 
forecast, becomes unnecessary. By using Model 1, 
steps 3 to 5 of the process were performed to deter
mine the road segments of the 6 2, 5 miles for pave
ment, The result of an optimal solution indicated 
that 25 miles (40.2 km) of the 62.5 miles would be 
more economically efficient if they were paved, 
However, 4,5 miles (7.2 km) of the road recommended 
for pavement was considered infeasible from the 
point of view of road management. It should be 
noted that prior to the analysis of steps 3 to 5, 
two policy options can be made to improve the 62.5-
mile system. The first option is the "do-nothing• 
alternative, i.e., leave the system as it is and 
without improvement. Based on this scenario, it 
would cost $15 million ( including both vehicle-op
erating and road-maintenance costs) for hauling 700 
mmbf of salvage timber. The second option is to 
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Figure 3. Location of quarries and road segments in Mount St. 
Helens volcano timber salvage area. 

Table 1. Aggregate demand by roads and aggregate supply by quarries. 

Project 
Demand by 
Road Segment 

ROI 
R02 
R03 
R04 
ROS 
R06 
R07 

ROS 
R09 
RIO 
RI! 
Rl2 
Rl3 
Rl4 
RIS 
Rl6 
Rl7 
Rl8 
Rl9 
R20 
R21 
R22 
R23 
R24 
R25 
R26 
R27 
R28 

R29 

R30 

R31 
Total 

Source 
Supply by 
Quarry 

Ql6 
QIS 

QIS 
QIS 
Q02 

Q07 
Q07 
Ql7 
Ql7 
Ql7 
Q04 
Q04 
Q04 
Ql2 

Ql2 
Q04 

QIO 
QIO 
QIO 
Q04 
Q06 
Q06 

Q06 
Q02 

QOI 
Q04 

QOI 
Q04 

QOI 
Q04 
Q02 

Note: 1 yd 3 = 0.764 55 m 3, 

Rock Aggregate (yd 3
) 

Total Plant-Mix 

22 950 
6 200 

0 
28 200 
10 750 
6 050 

16 800 
11 600 
5 200 
4 250 

26 100 
5 700 
3 200 

14 600 
25 600 
5 700 

0 
18 800 
9 300 

0 
6 450 
4 150 
4 150 
6 300 
9 850 

14 750 
0 

2 900 
16 800 
19 200 
10 200 
9 000 

11 930 
4 200 
7 730 
8 040 
I 990 
6 050 
~ 
317 020 

22 950 
0 
0 
0 
0 
0 

11 600 
11 600 

0 
4 250 

26 100 
5 700 
3 200 

0 
9 530 

0 
0 

8 800 
9 300 

0 
0 
0 
0 

6 300 
0 
0 
0 
0 
0 
0 
0 
0 
0 
0 
0 
0 
0 
0 

__j!_ 
107 730 

Base 

0 
I 450 

0 
9 800 
6 250 
3 750 

0 
0 

0 
0 
0 
0 

14 600 
16 070 
5 700 

0 
10 000 

0 
0 

6 450 
4 150 
4 150 

0 
5 750 
3 000 

0 
2 900 
5 100 
9 000 

0 
9 000 
7 730 

0 
7 730 
6 050 

0 
6 050 

---1..fil!!!.. 
125 700 

Subbase 

0 
4 750 

0 
18 400 
4 500 
2 300 
5 200 

0 
5 200 

0 
0 
0 
0 
0 
0 
0 
0 
0 
0 
0 
0 
0 
0 
0 

4 100 
11 750 

0 
0 

11 700 
10 200 
10 200 

0 
4 200 
4 200 

0 
I 990 
I 990 

0 
__i_iQQ 
83 590 

pave all of the 62,5 miles of forest roads. This 
option would require $6 250'000 of pavement cost and 
$9 659 000 of haul cost, or a total of about $16 
million of transportation cost to haul the timber 
volume mentioned. However, with consideration of 
20.5 miles (33 km) for pavement, it only costs 
$14 049 000 for timber haul and road reconstruction. 
The savings of the selected alternative compared 
with the "do-nothing" and "pave-all" alternatives 
are $943 000 and $1 860 000, respectively. Since 
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• Mounl SI. Helens ' ' 66 ' L,.-t..,-. *2' ..... 

o Road Se~11nt Number 

@ Number of Candidate Quarry 

4D Number of Selected Quarry 

<l End ol Road Sel,nent 

fuel cost accounts for more than 20 percent of haul 
cost and road-construction cost, the selected alter
native would conserve from $188 600 to $372 000 
worth of fuel. 

In step 6, estimates were made for the rock 
aggregate demand of system improvement including 
44.1 miles (71 km) for asphalt overlay, 103.l miles 
(165.9 km) for rock aggregate surfacing, and 20.5 
miles (33 km) for new asphalt pavement.· The pro
jected demand would be 395 000 yd' (302 000 m') 
of aggregate with 107 730 yd' (82 365 m') of 
plant-mix, 125 700 yd' (96 104 m') of base, and 
83 590 yd' (63 909 m') of subbase. The result 
of the analysis in step 7 indicated that the traffic 
demand of hauling aggregate is relatively small when 
compared with the traffic generated by transporting 
timber. Thus the effect of rock haul on aggregate 
demand was considered to be insignificant. Based on 
the estimated supply and demand, haul costs per unit 
of aggregate from each candidate quarry to road 
segments were estimated by using Model 1. 

After completion of step 8, the estimated costs, 
including fixed items, manufacturing, transporta
tion, and placement along with the quantities of 
demand and supply, were used as the inputs to Model 
2 for rock aggregate allocation. The results of step 
9 are presented in Table 1. 

As shown in Table 1, nine quarries were selected 
from the 18 candidate quarries. This material 
allocation pattern would result in $592 000 of haul 
cost, $1 209 000 of placement cost, $2 000 000 
manufacturing process cost, $94 000 of site-develop
ment cost, and $4500 of site-restoration cost, for a 
total of $3 899 500. This total is approximately 20 
percent of the $20 million project for constructing 
and reconstructing the transportation system in the 
Mount St. Helens volcano timber salvage area. In 
this study the fourth type of material, the subgrade 
alteration, which would use native material as a 
substitute base and/or subbase, was not considered, 
The system improvement was scheduled for one point 
of timei therefore only one time period was used in 
this particular application, The traffic of rock 
haul was found to be insignificant when compared 
with the general traffic. Thus step 10 of the 
process was not executed. The result of this study 
provided a general guideline for improving the 
volcano-area transportation system, which is planned 
to be reconstructed in spring 1982. 

CONCLUSION 

As part of the planning process to develop a forest 



Transportation Research Record 872 

rock aggregate management plan, the Gifford Pinchot 
National Forest, of the U.S. Department of Agricul
ture, Forest Service, used the available techniques 
from the Forest Service and developed a rock aggre
gate management planning process that can be applied 
to areas other than the forest land. The process 
could generate an optimal rock aggregate allocation 
pattern based on the least cost as well as least 
fuel consumption. 

The planning process has been applied to the 
Mount st. Helens volcano timber salvage area to 
determine the rock aggregate needs and to allocate 
them for transportation system construction. The 
result of the application indicated that the process 
allows the examination of complex options and alter
natives conveniently. The planner may use it to 
develop an aggregate management plan for a specific 
project or for a region under a pressing deadline. 
Its consideration of fuel consumption may increase 
the planner's confidence in optimal use of aggregate 
materials and energy. 
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Soil Support Value-A New Horizon 

GILBERT Y. BALADI AND TESFAI GOITOM 

The soil support value of the American Association of State Highway Officials 
interim guide for the design of flexible pavement is given a new horizon. It is 
shown that the soil support scale can be expressed in terms of a normalized 
model. This model relates the dynamic load capacity of a subgrade soil to its 
static strength. The model was verified by using five different materials that 
ranged from gravel, sand, and clay to clayey silt. 

The determination of a flexible pavement structural 
thickness (surface, base, and subbase) depends on 
two major factors--traffic and subgrade strength. 
Existing design procedures call for different sub
grade strength parameters or strength-scaling fac
tors [elastic modulus, resilient modulus, California 
bearing ratio (CBR), soil support value (SSV), 
etc.]. The American Association of State Highway 
Officials (AASHO) design method, in particular, uses 
a subgrade strength-scaling factor called an SSV. 
This factor was assigned an empirical scale with 
values from 3 to 10. Point 3.0 on the soil support 
scale represents the roadbed soils at the AASHO Road 
Test. As pointed out by the AASHO interim guide, 
the units of the SSV have no direct relationship to 

any procedure for testing soils. Therefore, it is 
necessary for each design agency to establish a cor
relation between SSV and some testing procedure be
fore this guide can be used for flexible pavement 
design. 

In this paper, it is shown that the empirical 
soil support scale is related to a significant phys
ical property of the subgrade material in question. 
This relationship is independent of sample and test 
variables and it is unique in its nature for the 
particular subgrade material under consideration. 

BACKGROUND 

The basic design equation, developed from the re
sults of the AAS HO Road Test, is valid for one SSV, 
which represented the roadbed soils and the condi
tions that existed at the test site and during the 
time of test. Consequently, it was necessary to 
assume an SSV scale to accommodate the variety of 
soils that could be encountered at other sites 
(1,2). This led different highway engineers to as
s~me different ssvs for the same subgrade materi-
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als. Further, the assumed SSV bore no relationship 
to any of the subgrade physical parameters. This 
problem has led researchers, highway engineers, and 
several agencies and highway departments to develop 
several correlations relating the SSV to different 
test results. These correlations include the fol
lowing: 

1. Correlation between CBR and SSV: The Utah 
State Department of Highways OJ conducted several 
CBR tests on compacted samples of the AASHO Road 
Test roadbed soils, the crushed-stone base materi
als, and other soil types. An empirical logarithmic 
scale, shown in Figure 1, was then assumed to relate 
the CBR and the estimated SSV of these materials. 
The same correlation plotted on arithmetic scales is 
also shown. 

2. Correlation between modulus of deformation 
and SSV: Chou (]) presented a procedure for sub
grade evaluation to estimate the SSV. He conducted 
triaxial tests on subgrade soil samples at field 
densities and moisture contents. The moduli of de-

Figure 1. Correlation between SSV and CBR. 
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Figure 3. Correlation chart for 
estimating SSV. 
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Figure 4. Resilient modulus versus SSV for recompacted and undisturbed 
cohesionless soils for first stress invariant of 15 psi. 
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formation were then calculated and correlated to an 
assumed SSV scale as shown in Figure 2 (based on the 
AASHO interim guide except for the addition of the 
modulus of deformation scale) , 

3. Correlation between SSV and resilient mod
ulus: Van Til and others (!) were among the first 
researchers to establish a correlation between the 
SSV and the resilient modulus of the subgrade soil 
at the AASHO Road Test. They used 40 000 psi (2812 
kg / cm 2 ) (a maximum value) as the resilient modulus 
of the crushed-stone materials and 3000 psi (211 
kg/ cm 2 ) (a minimum value) as the resilient modulus 
of the AASHO A-6 subgrade soils. These two values 
were the limiting resilient modulus values on their 
scale, as shown in Figure 3. Van Til and others 
recommended that an effort be made to strengthen the 
validity of the soil support scale as new analytical 
tools and methods of characterizing material proper
ties become available. 

Based on a recommendation by Van Til and others, 
Baladi and Boker (5) developed a relationship be
tween SSV and the resilient modulus of Michigan co
hesionless soil. This relationship was dependent on 
the stress intensity and is given by the following 
equation: 

SSV = 1.96 logMR + (MR/19 750)- 3.98 ( I) 

where MR is the resilient modulus. 
Figure 4 shows this relationship for recompacted 

and undisturbed Michigan cohesionless subgrade soil 
tested under the first stress invariant (e) of 15 
psi (1.05 kg/cm 2 ). Similar correlations were ob-

Figure 6. Grain size distribution of highway subgrade sand. 

., 
.c 

"' ·.; 
3 60 
:t; 
L 

1! 
~ 

., 
cc ., 
t'. 
.f. 

20 

cu = 1.8 

Gs = 2 .62 

Absorption Capacity 

Note: 1 in - 2.54 cm. 

0.01 
Equivalent Gra i n Diameter , (11111) 

= 0.44~ 

0 . 001 

Figure 8. Grain size distribution curve for the AASHO roadbed JOO 

soil . 

20 

71 

tained for first stress invariants of 20 and 30 psi 
(1.4 and 2.1 kg/cm2 ). 

TEST MATERIALS 

Five different types of materials that ranged from 
gravel to silty clay soils were used in this study. 
The gradation curves of the test materials are shown 
in Figures 5 through 8, It should be noted that 
types one and three materials (under tie and subbal
last) were tested by J.T. Siller at the University 
of Massachusetts, Amherst (6). The other three ma
terials were tested at Michigan State University 
under the direction of Baladi. 

TEST RESULTS 

All five types of materials were tested by using 
static and repeated-load triaxial tests. Figure 9 
shows a typical plot of the logarithm of accumulated 
axial permanent strain as a function of the loga
rithm of the number of load repetitions (N) for sam
ples consolidated under a confining pressure of 5 
psi (0.35 kg/cm2 ) and tested by using different 
cyclic stress ratios. Typical results of the static 
tests are shown in Figure 10. 

DISCUSSION 

Lentz (2) and Lentz and Baladi (_!!-10) provided the 
technical guidance for the early phase of this 
work. They reported that the plastic strain of sand 
subgrade materials could be predicted by using tri
axial test results. They concluded that the predic-

Figure 7. Grain size distribution curves for sites 1 and 2, Lower Peninsula. 
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Figure 9. Typical axial permanent 
strain versus number of load applica
tions (site 2, Lower Peninsula). 

Figure 10. Principal stress difference 
versus total axial strain from incremental 
creep tests (site 2, Lower Peninsula). 

Figure 11. Normalized cyclic principal 
stress difference versus normalized 
permanent strain. 
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Figure 12. Normalized cyclic stress-strain ratio O.Cfl~•====:r-------:,------T"------j------, 
for five different materials subjected to 1 000 000 ---
load repetitions. ~ -
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tion model is dependent on the number of load appli
cations and independent of the test variables (con
fining pressure, stress level) and sample variables 
(compaction effort and moisture content). They ob
served that the cyclic and static tests are highly 
dependent on the same test and sample variables. 
Consequently, they rationalized that the data from 
both tests could be normalized to minimize the ef
fects of the sample and test variables. Their nor
malization process could be summarized as follows: 

l. The cyclic principal stress difference 
(a1 - a3ld was expressed in terms of the 
peak static · strength (Sa) of an identical soil 
sample tested under the same confining pressure by 
using static triaxial tests. [The term "static tr i
axial tests" indicates either incremental creep 
test, ramp test, or conventional triaxial test (!l.l .] 

2. The cumulative permanent strain (cpl at 
the desired number of load repetitions (N) was nor
malized relative to the static axial strain at 95 
percent of the sample streng th (co.95sdl of an 
identical sample tes t ed under the same confining 
pressure by using the incremental creep test. Fig
ure 11 shows their normalized data for a natural
sand deposit as well as that for manufactured sand 
( 12). For more information on their data and nor
malization procedure, the reader is referred to a 
paper by Lentz and Baladi (2). 

Figure 12 shows a plot of the normalized stress 
ratio as a function of the normalized strain ratio 
for all five materials. These normalized curves 
were modeled by using a hyperbolic function (Equa
tion l). As was expected, this function was found 
to be independent of confining pressure, principal 
stress difference, and water content: 

where 

£p 

£ 0. 95Sa 

Sa 

(2) 

cumulative permanent strain at de-
sired number of load repetitions; 
total axial strain at 95 percent of 
static strength; 
static strength from incremental 
creep test, ramp test, or conven-
tional triaxial test (?J; 
regression parameters; and 
cyclic principal stress difference, 
density and water content. 

\ '"' ', !! 
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0 ;)/Sd 

The value of parameters n and m of Equation 2 is de
pendent only on material type and number of load 
repetitions. 

Study of the AASHO interim guide has indicated 
that the SSV of one particular subgrade material is 
independent of lateral stress, stress level, water 
content, regional factor, and method of compaction. 
The SSV, however, is dependent only on the soil 
type. This could be restated as follows: the ssv 
of one material is fixed and constant unless some 
stabilizing agent is introduced and thus the soil 
type is changed. Indeed, the A-6 material, accord
ing to the AASHO soil classification, is assigned an 
SSV of 3.0. An SSV of 10.0 was assigned to the A-1 
materials. These observations suggested that the 
physical parameter of the subgrade material to be 
related to the SSV should possess the following 
properties: (a) be independent of lateral str ess; 
(b) be independent of stress level; (c) be indepen
dent of ambient and moisture conditions; (d) be in
dependent of density, void ratio, and consolidation; 
and (e) be dependent only on soil type. To the best 
of our knowledge, such a physical parameter does· not 
exist. Consequently, a new search to explain the 
ssv and relate it to a mathematical and/ or physical 
model rather than one single parameter was initi
ated. The requirements of the model should be the 
same as those of the physical parameter. 

At this time, the normalization process discussed 
above was finalized and proved to be valid for a 
wide range of materials. Recall that the normalized 
curve (stress ratio versus strain ratio) was found 
to be independent of (a) confining pressure; (bl 
stress level; (c) moisture content; and (d) density, 
void ratio, and consolidation; it was dependent on 
soil type and the number of load applications. 
These requirements appeared to be adequate except 
for the dependency of the normalized model on the 
number of load applications. These observations 
suggested that if the normalized model is fixed at a 
certain number of load repetitions (N = l 000 000), 
it could be used to examine its relation to the SSV. 

In reference to Figure 12, if it is assumed that 
for each soil type, failure occurs when the strain 
ratio reaches 100 percent, it follows that for the 
same number of load repetitions, a different stress 
ratio is required for different materials to fail. 
These stress ratios for the five materials in Figure 
12 are 0 . 33 for A-6 subgrade soils, 0.49 for Michi
gan clay subgrade, O. 76 for the subballast materi
als, 0.85 for Michigan sand subgrade, and 0.98 for 
under-tie materials. These values could be obtained 
from Equation 2 by using a strain ratio of 1.0 and 
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solving for the stress ratio: 

(3) 

The value of the stress ratio of Equ.ation 3 rep
resents the dynamic load capacity that the soil in 
question can be subjected to so that failure will 
occur at l 000 000 load repetitions. If the pre
designated SSV is superimposed on the above data 
(SSV: 3.0 for A-6 soils and SSV = 10.0 for the 
under-tie materials), it follows that the SSV can be 
expressed by using the following equation: 

SSV = 10 [(a 1 - a3)d /Sd] ( f, N= t06) = (10/(n + m)] (f, N =t o6 ) (4) 

where the subscript (f, N = 10 •) 
at l 000 000 load applications. 
generalized as follows: 

indicates failure 
Equation 4 can be 

(5) 

where a is constant depending on the number of 
load repetitions (N) and the subscript (f, N) indi
cates failure at N load applications. 

CONCLUSIONS 

A normalized and predictive model of the plastic 
strain of pavement materials was developed. The 
ability of the model to evaluate and predict the 
plastic behavior of several materials subjected to 
cyclic loading had previously been demonstrated. In 
this paper, a new understanding of the AASHO SSV 
scale is presented and it is based on the developed 
normalized and predictive model. A correlation be
tween the SSV and the ratio of dynamic stress to 
static strength of the soil in question is shown. 
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