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Field Testing of the Fremont Bridge

MICHAEL J. KOOB AND JOHN M. HANSON

In July 1979, field tests were conducted on the Fremont Bridge on the Willamette

River in Oregon to obtain strain and perature that would pro-

vide information on in situ and service load stress conditions. The behavior of the

bridge was more dependent on temperature than on traffic. On a hot day when

the temperature reached 100°F, the temperature differential between the exposed

top and shaded bottom flange plates was 50° F. The maximum daily stress range
in the tie girders due to the temperature differential was about 10 ksi. Where
local bending occurred in the web plates, the maximum daily stress range was
about 20 ksi. Comparison of strain readings on two days of comparable tem-
perature, with light and heavy traffic, indicated that the stress range due to
traffic was about 1-2 ksi. Dynamic recordings of strain were made at 12 selected
category E details during typical traffic conditions. The passage of heavy vehi-
cles typically caused stress ranges up to 1000 psi. The largest measured stress
range of about 3000 psi was iated with the ge of a heavy mobile crane.
The frequency of these stress ranges was estimated to be about 50 percent of the
average daily truck traffic of 5400 vehicles. The bridge was also subjected to a
controlled loading of four heavy vehicles weighing a total of 177 100 Ib. The
maximum stress range occurring on an instr d cross section near the junc-
tion of the arch rib and tie girder was 750 psi. The maximum stress range at any
other instrumented location was 2150 psi.

A comprehensive postconstruction evaluation study of
the Fremont Bridge on the Willamette River in Oregon
(1) was conducted for the Oregon State Highway
Division (OSHD). The purpose of this study was to
assess the 1long-range performance of main load-
carrying, nonredundant tensile members and compo-
nents of the structure.

A field testing program was carried out in July
1979 as part of the study. This program was in-
tended to provide information about the behavior of
the bridge under combined traffic and environmental
conditions.

During the 10-day field testing period, one day
was cool and partly cloudy and several days were hot
and clear. The hottest day occurred on July 16,
when the ambient temperature reached 100°F. Through-
out the testing period, readings were taken at
intervals of one or two hours or more often if the
recording station was manned and selected gages were
being monitored. Dynamic recordings of strain were
made during typical traffic conditions. The bridge
was also subjected to a controlled loading of four
heavy vehicles weighing 177 100 1lb.

DESCRIPTION OF BRIDGE

The Fremont Bridge is a three-span, stiffened steel
tied arch 2159 ft in length, as shown in Figure 1.
In this structure, the arch is loaded in compression
and the tie girder is loaded in tension to counter-
act the thrust of the arch as well as in flexure to
resist the live-load bending moments. The main span

is divided into 28 panels at 44 ft, 10 in, for a
total length of 1255 ft, 4 in. Each side span is
divided into 10 panels at 44 ft, 10 in, for a total
length of 448 ft, 4 in. Junctions between panels
are numbered from 0 through 48. A description of
the bridge and its design is given by Hedefine and
Silano (2).

A typical section through the bridge, in the
region where the arch is above the roadway, is shown
in Figure 2. The orthotropic steel upper deck,
carrying four 1lanes of westbound traffic, acts
integrally with the tie girders. The bottom deck,
carrying four lanes of eastbound traffic, is a
reinforced concrete slab supported on stringers and
floor beams. In the middle 896 ft of the bridge,
where the arch ribs are above the tie girders, the
bottom deck is suspended by hangers from the tie
girders. Outside of this region, the bottom deck is
framed into compression struts extending between the
arch ribs and the tie girders.

Representative details of the orthotropic deck
and tie girders are shown in Figure 3. The top
flange is A36 steel, and the bottom flange is A588.
The webs are 0.5 in thick except at the junctions
with the arch ribs and pier columns. Typically, the
lower 6 ft is fabricated from a high-strength,
low~-alloy steel that meets the requirements of ASTM
A441, and the upper part is fabricated from A36
steel. This hybrid design reflects the integral
action of the orthotropic deck and tie girders, with
the neutral axis about 6 ft below the top flange.

Welded construction is wused throughout the tie
girders, except for high-strength bolted field
splices.

The arch ribs are box shaped and have a constant
width of 4 ft. The depth of the web plates is 3 ft,
10 in; hence, the overall depth of the arch ribs
varies depending on the flange plates, which have a
maximum thickness of 2.25 in. High-strength,
quenched and tempered ASTM A514 steel is used for
the arch ribs, which are welded except for bolted
field splices.

At the four junctions of the girders and arch
ribs located at panel points 14 and 34, the cross
section of the arch rib is changed from a box shape
to three A514 strap plates in a vertical plane, each
3 in thick and 3 f£t, 10 in deep. These three straps
are stiffened by a welded diaphragm at middepth. The
straps extend through slots in the top and bottom
flanges of the girder.

The center section of the bridge, between panel
points 14 and 34, was fabricated off site, trans-

Figure 1. Elevation of Fremont Bridge. 2159 0"
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Figure 2. Typical section where arch Is above roadway.
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ported on barges, and erected by hydraulic jacking.
A bolted splice connects the center and end sec-
tions, located within the junction of the tie girder
arch rib. Heavy jacking stiffeners are also welded
and bolted to the sides of the tie girder in this
area.

The final coat of paint on the exterior of the
bridge was a light shade of green.

INSTRUMENTED AREAS

It was decided that the best measure of the overall
response of the bridge would be obtained by install-
ing strain gages on four cross sections in the
vicinity of panel point 14 in both the north and
south tie girders. The 1locations of the instru-
mented sections, designated A, B, C, and D, are
shown in Figure 4. Concern about the properties of
a steel plate in the bottom flange near panel point
42 in the north tie girder led to installing instru-
mentation at a cross section in this region, desig-
nated section E.

Sections A, C, D, and E and section B were in-
strumented with six and sixteen 90° three-element
strain gages, one element of which was parallel to
the longitudinal axis of the member. At panel point
14 on the north tie girder, three 3-element strain
gages, designated group F, were installed on the
north web plate adjacent to the heavy fillet welds
attaching the strap to the web.

In conjunction with the strain gage instrumenta-
tion, thermocouples were installed in both the north
and south tie girders at section B.

Additional instrumentation was installed at
locations of details where conditions were believed
to be susceptible to fatigue crack growth or where
special study of strain response was desired. These
details included (a) ends of horizontal stiffeners,
designated group G; (b) reinforcement around vent
openings, group H; (c) openings for lower deck
hangers in the bottom flange, group I; and (d)
junctions of deck beams and web plates, group J, as
shown in Figures 5-8, A total of 12 details were
instrumented by using two-element gages. The gages
were located close to the detail. Wiring diagrams
for the gages are shown in Figure 9. During most of
the testing period, the longitudinal and transverse
elements of the three-element gages were wired

Transportation Research Record 903

Figure 3. Representative dotails of deck and tie girder.
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together to provide a single, temperature-compen-
sated reading. Some readings were also made with
all three elements wired separately to determine
principal strains. Stress was calculated from these
readings by assuming a modulus of elasticity of 29

million psi and Poisson's ratio of 0.3. A correc-
tion, wusually small, was made in the computed
stresses to account for biaxial effects. The longi-

tudinal and transverse elements of the two-element
gages were wired together throughout the testing
period.

To facilitate the strain measurements, a central
recording station was established inside the north
tie girder hetween panel points 14 and 15. Twisted,
shielded, 18-gage, 3-conductor wires were used to
connect the gages to the recording station.

MEASURED TEMPERATURES

Selected measurements on the tie girders are shown
in Figure 10. Review of the data shows that the
temperature distribution was uniform before sunrise
(at 4:00 a.m.). At sunrise, or approximately 6:00
a.m., the south web and top flange of the south tie
girder were exposed to the sun, if the day was
clear, and would begin warming. Peak temperatures
on both the soulh web and top flange were reached at
about 1:00 p.m.

The north tie girder was shaded by the upper
roadway until late afternoon. The peak temperature
of the top flange was reached at about 1:00 p.m.,
whereas the peak temperature of the north web oc-
curred in early evening, at about 6:00 to 8:00 p.m.,
after it was exposed to the sun.

The maximum temperature measured was 144°F, which
occurred on the top flange of the south tie girder
on July 16, 1979, when the ambient temperature was
90°F. Surfaces not exposed to the sun were always
close to the ambient temperature. The wmaximum
temperature differential between the top flange and
side plates of both tie girders was about 50°F.
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Figure 4. Location of instrumentation at panel point 14.
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o flange plate at section A in the south tie girder is
. shown in Figure 1ll. The temperature was obtained
0 from thermocouple S1 located on the top flange plate
at section B in the south tie girder. The abrupt
HORIZONTAL SECTION change in temperature at approximately 1:00 p.m. is
LOOKING DOWN due to the passing of the shadow of the arch rib
over section B. Maximum stress range is about 12
ksi. Note, however, that the shadow of the arch rib
does not pass over the gages at section A.
STRESSES UNDER TRAFFIC Strain at gage SB2, located on the top flange
plate at section B in the south tie girder, is shown
Figures 11-15 show the change in stress at selected in Figure 12. The temperature was obtained from
gage locations near panel point 14, computed from thermocouple S1, which is adjacent to the strain
the measured strain during the period from July 12 gage. At this location, the strain responds in
through July 17. Data from a representative thermo-— close relation to temperature. The maximum stress
couple are also presented in each figure. range is approximately 10 ksi.

Strain at gages SAl and SA2 located on the top Strain at gages NA2 and NA5, located on the top



and bottom flange plates, respectively, at section A
in the north tie girder, is shown in Figure 13.
Thermocouple N1 was located on the top flange plate
at section B in the north tie girder. Stress ranges
are about 11 and 4 ksi at these two locations.

In Figure 14, the strain at gages NB3 and NB1l3 is
shown. These gages are located on the top and
bottom flange, respectively, at section B in the
north tie girder. Temperature measurements were
obtained from thermocouple N1, which is located

Figure 9. Strain gage wiring diagrams.
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Figure 10. Measured temperatures.
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adjacent to gage NB3, Stress ranges of 8 and 5 ksi
are apparent at the two locations.

Data from strain gages on the tie girder web
plates indicate that out~of-plane bending occurs.
Figure 15 shows this effect at section B on the

Figure 11. Strain gages SA1 and SA2 and thermocouple S1.
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Figure 12. Strain gage SB2 and thermocouple S1.
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Figure 14. Strain gages NB3 and NB13 and thermocouple N1.
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Figure 15. Strain gages NB9 and NB10 and thermocouple N2 and air.
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north web of the north tie girder. Longitudinal
stresses computed from strains are plotted for gages
NB9 and NB10, which are located on opposite sides of
the web plate midway between stiffeners. Bowing of
the plate apparently occurs daily. The maximum
daily stress range is approximately 20 ksi, although
the average stress is fairly uniform.

It is evident from these figures that the stress
variations are repeatable and closely related to
temperature. The heavy traffic periods in the
morning and afternoon have little apparent effect.

Readings made on two days with similar tempera-
tures but different traffic conditions were com-
pared. These days were Sunday, July 15, when traf-
fic was light, and Tuesday, July 17, when traffic
was normal. The differences indicated that the
stress range due to traffic was about 1-2 ksi.

STRESSES UNDER CONTROLLED LOADING

During the field testing, the bridge was subjected
to a loading of four vehicles weighing a total of
177 100 1lb. This test was conducted early in the
morning on July 15 to minimize temperature effects.
Both static and dynamic tests were conducted. Traf-
fic was excluded from the bridge.

In the static loading test, the four trucks were
positioned side by side in two rows on the upper

Figure 16. Measured strains at gages NB2 and NB4 under controlled loading.
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deck in the two adjacent traffic lanes nearest to
the north tie girder. Strain response was measured
with the vehicles positioned at selected panel
points along the bridge.

Figures 16 and 17 show computed stresses from
strains measured at section B in the north tie
girder. The ordinate and abscissa correspond to the
longitudinal stress and the location of the vehi-
cles, respectively. Note the departure of the
ordinate from the base line at the conclusion of the
test. This departure is attributed to the change in
ambient temperature during the time period in which
the test was conducted, between 6:00 and 7:30 a.m.
The measured strains were quite small, corresponding
to stresses less than 750 psi.

It may be noted that the strain response is
greater when the vehicles are between panel points
14 and 24 than when they are positioned between
panel points 14 and 0. This is apparently due to
the varying stiffness of the structure. Between
panel points 14 and 0 the tie girder is supported at
each panel point by a vertical column, whereas
between panel points 14 and 24 the tie girder is
suspended by cables. When the vehicles were at
panel point 10 (vertical column over pier), stress
at all sections was essentially zero.

Data were also recorded in analog form by using a
nine-channel strip chart recorder. Two groupings of
gages were monitored; the first was on selected
details, and the second was on gages from section B
on the north tie girder.

Data were obtained during run A when the vehicles
were parked at each panel point. In the dynamic
test, run B, the four trucks were driven in a group
across the bridge at approximately 15 mph in the
same lanes used for the static tests. Data from
gages recorded during the passage of vehicles in run



B are shown in Figure 18. The stress levels in both
runs were dquite low. The maximum static stress
recorded in run A was 2150 psi at gage N19G2; the
maximum dynamic stress in run B was 2100 psi at gage
N19I2. The dynamic response followed the same gen-
eral pattern as the static response.

To induce impact loads and provide information on
impact factors, 2-in-thick boards were placed across
the roadway at panel points 18.5 and 10.5. The
output recorded during these runs indicated that the
impact excited higher modes of vibration but there
was only a slight magnifying effect on the strain
readings.

STRESSES AT FATIGUE-SENSITIVE DETAILS

Dynamic recordings of strain under normal traffic
were made at the fatique-sensitive details from July
16 to July 20. The gages were divided into groups,
and each was recorded for time periods of 1-4 h.
Generally, significant strain response was associ-
ated with the passing of a truck. However, the
representative stress "signatures" were very small.
Typical data are shown in Figure 19. The maximum
stress range, at gage N5I1, was 1250 psi. More typi-
cal values are 400-900 psi. As mentioned pre-
viously, the response for gages at the same detail
was similar,
It is also of interest to compare these data with
those obtained under the controlled loading shown in
,,,,,, In all cases, the stress ranges recorded
under the controlled loading were somewhat greater.

STRESS RANGES AND FREQUENCY OF OCCURRENCE

On July 17, dynamic strain recordings were made at
four selected details for a period of approximately
2 h, between 10:30 a.m. and 2:30 p.m. From previous
recordings, the strains at these details appeared to
be 1larger than at other locations. Data obtained
from the eight gages at these four details, during
an interval of about 1 min, are shown in Figure 20.

A histogram of the stress computed from strain at
one gage from each of the four details was developed
from the dynamic recordings. The minimum strain
that could be recognized on the recording corre-
sponded to a stress of about 300 psi. 1In developing
the histogram, each peak to valley or valley to peak
on the recording in excess of 300 psi was therefore
considered to be one-half of a stress cycle. On
this basis, the number of stress cycles in 300-psi
increments (ignoring cycles below 300 psi) was ob-

Figure 18. Data from run under moving truck loading.
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tained and plotted in the histograms shown in Figure
21.

An effective Miner's stress range (S;e) was
computed from the data in these histograms by using
the following relation:

= (278 )3 (6]
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Figure 21. Histograms of stress cycles based on data obtained during 2-h
period.
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where vy; is the proportion of the total cycles
falling within a particular interval i, correspond-
ing to a stress range S,j. The effective stress
range for each histogram is shown in Figure 21.
During this 2-h period, the maximum strain was ob-
served at gage N19I2 and corresponded to a stress
range of about 2550 psi. A total of 376 cycles were
measured at this gage. The maximum effective stress
rande of 1150 psi was obtained at gage N19Gl.

COMPARISON OF TRAFFIC WITH DYNAMIC RECORDINGS

Beginning at 2:40 p.m. on July 19, an effort was
made to correlate dynamic strain recordings, or
signatures, with observation of the traffic. This
was found to be very difficult; only occasionally
could a signature be associated with a specific
vehicle such as a logging truck.

The vehicle that produced the 1largest recorded
stress range was identified as a mobile crane on the
top deck. The stress signatures from this load are
shown in Figure 22. Except for the magnitude of the
response, the signatures are similar to those of
other heavy vehicles. It is interesting to compare
the signatures for gages N19I2 and N19G2 with the
signatures obtained during the controlled loading
tests shown in Figure 18. The signatures are simi-
lar except that the two rows of vehicles passing in
quick succession in the controlled loading test are
distinguishable and the stress ranges are somewhat
lower.

DISCUSSION OF RESULTS

The field testing indicated that three conditions
induced stress variations in the tie girders. Most

Figure 22. Dynamic strain response of gages during passing of mobile crane.
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of the small-amplitude but high-cycle stress varia-
tion came from the passage of heavy vehicles. A
small stress variation associated with the buildup
of traffic was also observed. A large-amplitude
stress variation occurred daily with temperature
change.

The maximum measured stress range associated with
the passage of a heavy vehicle was 3.15 ksi at a
hanger slot in the bottom flange of the north tie
girder near panel point 19. Most of the measured
stress ranges at the instrumented details were less
than 1 ksi, although stress ranges up to 2.5 ksi
were measured near panel point 19. An effective
Miner's stress range of 500-1150 psi was determined
from data at each of four locations.

It was estimated that the number of cycles per
day would be about eight times the number of cycles
shown in Figure 21 for a 2-h period at midday. On
this basis, the number of expected daily cycles at
gages N19G and N191 is approximately 3000. The
number of cycles at other locations is smaller.

Information supplied by OSHD indicated that the
annual average daily traffic (ADT) on the bridge in
1978 was 58 775 vehicles. A projection to the year
2000 indicated that the ADT may be 93 400 vehicles.
Approximately 9 percent of the vehicles crossing the
bridge may be classified as trucks. Assuming that
the ADT was 60 000 vehicles during the field test-
ing, the average daily truck traffic (ADTT) should
be about 5400 vehicles. Thus, the ADTT is about 1.8
times the rough estimate of 3000 cycles/day from the
details near panel point 19. It should also be
noted that the maximum stress range recorded at the
details near panel point 19 under the controlled
four-truck loading was 2.15 ksi, or approximately
twice the maximum effective stress range under nor-
mal traffic.



The largest stress variations were related to the
effects of temperature and particularly to direct
exposure to the sun. As the sun passed over the
bridge, the exposed surface of the south and then
the north tie girder absorbed substantial heat. The
maximum measured temperature was 144°F and occurred
on the top flange of the south tie girder on July
16, 1979, when the ambient temperature was 90°F,
Surfaces not exposed to the sun were always close to
the ambient temperature. Temperature differentials
of 50°F between the top and bottom flange plates and
20°F between the outside and inside web plates were
measured in both tie girders.

The strain measurements indicated that the state
of stress in the tie girders in the vicinity of the
arch ribs is very complex. Maximum daily stress
ranges in the longitudinal direction of the tie
girders were about 10 ksi on the hot days. Where
local bending occurred in the web plates, the maxi-
mum daily stress ranges were about 20 ksi.

Strain readings on two days of similar tempera-
ture conditions were compared in an effort to esti-
mate the underlying stress variation due to light
and heavy traffic. These days were Sunday, July 15,
and Tuesday, July 17. Cages on sectioen NB and
strain gage NF1 were selected for the comparison.
Readings were compared between 2:00 and 6:00 p.m.
Most of the differences in stress are less than 1
ksi at section NB. Stress values obtained from gage
NF1 show a change of 2 ksi in the web of the tie
girder perpendicular to the arch rib. Therefore,
the underlying stress variation due to traffic is
believed to be about 1-2 ksi.

Because the density of the traffic may vary even
during peak periods, it is thought that the under-
lying stress variation due to traffic should be
considered to occur, at most, 50 times a day. This
variation combines with the stress ranges associated
with the passage of heavy vehicles.

CONCLUSIONS

Field testing indicated that stress ranges in the

Seismic Design of Curved Box

C.P. HEINS AND I.C. LIN

The seismic response of single and continuous curved steel composite box
girder bridges has been predicted by an equivalent structure load method. This
method has been developed by computing equivalent structural stiffnesses of
the entire bridge for the three displacement directions (x, y, z) and rotation.
These stiffaesses ate then used W evaluale corresponding natural frequencies
{cy, Wy, Wy, and w¢) by using a single degree of freedom system. The induced
accelerations are then determined from the response spectrum curves. The re-
sults of these analyses are then used to develop a series of empirical equations
for direct design.

As a result of the 1964 Alaskan earthquake, the 1971
San Fernando earthquake, and, more recently, the
1978 Santa Barbara earthquake (1), bridge structures
in the United States have undergohe--considerable
destructive forces. These earthquakes caused—bridge
professionals to reassess the design techniques that
had been applied until that time for seismic design.
A prime force in such modifications has been the
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tie girders under traffic were generally less than 2
ksi and only infrequently 3 ksi. The number of
cycles varied with the location, but it did not
exceed the ADTT. However, the temperature of plates
exposed to the sun may be as much as 50°F higher
than the temperature of plates in the shade, which
is always close to the ambient temperature. The
nominal stress may change by about 10 ksi as a re-
sult of daily thermal effects. Where local bending
was present, the dally stress range was about 20 ksi.
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Girders

California Department of Transportation (Caltrans)
and the California-based professional organization,
Applied Technology Council (ATC). The present 1977
American Association of State Highway and Transpor-
tation Officials (AASHTO) bridye code (2), as re-
lated to seismic design, was greatly influenced by
the work developed by Caltrans. This code suggests
an equivalent static force method for simple struc-
tures and, when the structure is complex--as in
curved bridges, for example--a computer-based re-
sponse spectrum or dynamic analysis should be con-
sidered.

In the present 1977 AASHTO code, most engineers
would use the seismic coefficient method (SCM) be-
cause computer-oriented dynamic programs may not be
available or are not amenable for direct design.
However, the SCM may give erroneous results when
used for design under seismic conditions (3), as ex-—
perienced by Caltrans. Caltrans in fact has used
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the response spectrum technique for the design of
many structures.

Because of these conditions and experience gained
from recent earthquakes, the Federal Highway Admin-
istration (FHWA) decided to reassess the 1975 AASHTO
code and in 1977 sponsored a research program di-
rected by ATC (4). Part of the work of this council
is to prepare a new specification (5). Although
this code will be an improvement over past criteria,
major areas of research still require investiga-
tion. These areas, as suggested recently by dele-
gates attending a workshop conducted by ATC (6), in-
clude the following:

1. Conduct of parametric studies for the seismic
response of common types of bridges to determine the
effects of geometry and constraint on overall seis-
mic response (parameters should include span length,
curvature, column height and stiffness, material,
etc.),

2. Performance of appropriate dynamic analysis
on curved bridges (7,8) and development of a simple
procedure for the design of curved bridges,

3. Development of a practical and accurate
method to estimate the fundamental period of bridges,

4. Correlation of vibrational characteristics of
existing bridges with theory, and

5. Preparation of a summary of dynamic behavior
and characteristics.

These areas of research are currently being studied
and will encompass curved steel and concrete box
girder bridges.

Three techniques can be used in the dynamic
analysis of such structures: (a) the response spec-
trum technique, (b) multimodal method-response spec-
trum, and (c) multimodal time history analysis.
These methods are now being used in this research.
The method that was used in the work described in
this paper involves a space frame analysis of the
general structure, computation of the equivalent
natural frequency, and then determination of the
equivalent dynamic forces for curved steel composite
box girder bridges.

As this paper demonstrates, a comprehensive study
of the influence of the various parameters has re-
sulted in a proposed equivalent static load analysis
technique, It should be noted that a more compre-
hensive study is being done that includes time his-
tory response and multimodal analysis. These re-
sults will then be compared with the results
obtained by using the single degree of freedom
(SDOF) system and the response spectrum data given
here.

THEORY

Computer Model

The general static response of curved bridge struc-
tures requires incorporation of the interaction be-
tween the bending and torsional forces (7-12). Such
interaction can be considered by solving Vlasov
equations (12) or by development of the stiffness
matrix (13) and appropriate restraint conditions.

The matrix-oriented technique, however, is more
versatile in that a three-dimensional model (space
frame) can be considered. This then permits model-
ing of the structure so that the support conditions
can represent the physical restraints. 1In addition,
the induced actions can be applied in three direc-
tions and thus simulate the various earthgquake=-
induced actions.

Therefore, the study of the induced actions on a
structure subjected to earthquakes was confined to
the use of a space frame matrix simulation. The

basic modeling consists of a series of typical ele-
ments attached rigidly together to form a continuous
curved box girder bridge.

The basic properties of each beam element consist
of I,, Iy, and Kp. Although warping and dis-
tortional ~ properties (Iw, W,» and W;) can be
computed, they were not considered in this study be-
cause it has been shown that, with proper bracing of
the box girder, warping and distortional effects are
negligible (10).

Therefore, by properly evaluating the stiffness
of each beam element and identifying each Jjoint
load, the static response of the continuous curved
girder can be determined. The static response can
then be used to determine the effective earthquake
effects by using the response spectrum curves. The
general procedure in which this method is used can
now be described.

The support restraints to be imposed on the
bridge model can be identified as releases in the
computer model. Because a space frame model is be-
ing used, six releases or restraints must be identi-
fied. For the bridge under study, the following was
assumed.

Equivalent Dynamic Analysis

The natural frequency response (w) of an SDOF sys-
tem can be predicted by the following (14-17):

w=vVk/m 1)

where k is the spring constant and m is mass [w/g
(total weight of structure/gravity)] or mass moment
of inertia.

If the frequency w of the system, as computed
from Equation 1 or some other technique, is reli-
able, then the corresponding induced vertical accel-
eration of the mass m created by an earthquake can
be predicted by using the response spectrum curves
given in Figures 1-3. The accelerations obtained
are then used to determine the induced dynamic force:

F=m-agrg (22)

where agg = ¥ = linear acceleration obtained from
response spectrum curves (18).

If the system is subjected to angular accelera-
tions §, then the induced dynamic torque (M) is

M= IéRS (2b)
where

I = mass moment of inertia = | pr2dA = pgree]
f{x? + y2)dA + pooncretef (X2 + v2)dA,
§rg = rotational acceleration obtained from the
response curve (19), and
mass per unit area.

o

This type of procedure has been proposed else-

can accurately determine the natural frequency (w)
of the structure.

Natural Frequenc

As indicated by Equation 1, the natural frequency of
an SDOF system is given as a function of the spring
stiffnesses (k) and the spring mass (m). If the
system is a bridge structure, the spring constant
can be represented by

k=(1/8) (3

where A is the induced maximum displacement caused
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by a unit load. Therefore, by determining the re-
sponse of a given box girder bridge when subjected
to a unit load, an equivalent spring constant can be
obtained. This constant (k) and the total mass of
the bridge will then permit evaluation of the nat-
ural frequency as given by Equation 1.

In the instance of curved structures, the dynamic
action can occur in three principal directions and
one primary rotation. The resulting maximum dis-
placement induced by these unit loads will then give
the corresponding equivalent stiffnesses (Ky o

ky, ky, and kq) as shown in Figure 4. The
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corresponding natural frequencies can then be deter-
mined by applying Equation 1.

Computer Program

A general computer program has been developed (26)
that will automatically determine the equivalent
spring constant for the three translation directions
(kyr ky, and ky,) and the one rotation (kp)
ot a continuous, constant-radius bridge. Section
properties are automatically computed and are used
for determination of the stiffness matrix. Dead

Figure 1. Vertical response spectrum 1000
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loads and masses are also computed and are used to
determine the equivalent dynamic force, as given by
Equation 2. This dynamic force is then applied uni-
formly to the structure, and the resulting deforma-
tions and actions are determined.

The response spectra (Figures 1-3) have also been
incorporated into the program for direct use. Based
on a constant 2 percent damping value for these
types of bridges (18,22), the general curves have
been written in algebraic form (26).

Figure 3. Torsional response spectrum,
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Figure 4. Equivalent structural stiffness.
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The program will automatically select 11 nodes
for each span with 10 members/span between the sup-
ports. The proper member properties corresponding
to the basic input section lengths are automatically
determined. The interior support restraints are
assumed to be flexible due to the insertion of
springs in the three displacement directions.

BRIDGE STUDIES
Typical Sections

In order to develop a simplified design technique,
the response of various curved box girder bridges
must be examined. Such box girders, which have been
used in previous studies (7), were used in this
parametric study. Only the three-lane, three-girder
system was considered in this study because this is
most typical of curved box girder structures (10).

The basic span length configurations examined are
shown in Figure 5, where length (L) = 50-150 ft and
N (ratio of span length) = 1.2. The radius used for
these various structures varied from 200 ft to in-
finity.

Column Details

In order to include the influence of the flexibility
of the piers, a survey was conducted to determine
typical pier configurations and sizes. Such a sur-
vey has indicated that for a roadway of 44 ft, with
three boxes, a three-column bent is generally used.
Such column bents generally have the following de-
tails:

Column Steel Bars
Type Size (ft) Type No.
Round 2.5 <d < 3.0 #11 12-20

(dTameter)
Rectangular 4x12

#8 or #9 30-40

ELEV.
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Figure 5. Modeled bridge details.
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The height of the bents is 10-15 ft, and the spacing
between columns is 15-18 ft.

By using this basic information, the section
properties (I, and I,) of the round and the rec-
tangular column have been computed (26).

These column stiffnesses were used and a three-
column bent type was assumed in determining the de-
formation of the bent caused by a unit load in the
transverse and longitudinal directions (with rigid
pier caps). The equivalent spring constant was then
determined from

k; = (1/8) = [L3/3E(3Iy)] 4
ky - (1/8) = [L3/3E(31,)] (%)

The resulting k, and ky values for the column
heights of 10 and 15 ft were then determined (26).

With these equivalent pier stiffnesses, the in-
ternal piers can then be modeled by using equivalent
springs.

General

By ucing the basic box geometry and the support
spring constants of ky = 0-2x10* kip/in, ky = =, and
k, = 0.5%10? kip/in to =, the equivalent seismic re-
sponses of the single-, two-, three-, and four-span
structures were examined. The resulting natural
frequencies (wyr g r Wy and wg) for
all bridge spans and their corresponding induced ac-
celerations were then obtained (26). For the con-
tinuous spans, the pier flexibilities, as given by
ky and k,, were also included as a variable.
Three basic variations have been assumed:

z = rigid;

1. kg =0, k
= 0.66 x 10° kip/in, k

2« K, = 0.5 x 10° kip/in;

¥4
and

3. kg = 2 x 10° kip/in, k, = 0.66 x 10* kip/in.

o
e

NL———}

The analyses of the various bridges have been
performed and have resulted in typical response
curves for Wy Wyr e Wy and wg as a
function of radius (R) and L. An example of such a
response (uy) for a two-span structure is shown
in Figure 6.

The induced accelerations, as determined from the
response spectra, have also been plotted as a func-
tion of L/R and L for the single span (26).

However, the corresponding accelerations for the
continuous spans and the single span have been plot-
ted in Figure 7 as a function F versus the number of
spans, radius, stiffnesses (kxy and k,), and span
lengths, where

Fy = A, (continuous-span value)/A, (single-span value) (6)

For all span lengths of 50, 100, and 150 ft, sim-
ilar relations between F,, F,, and Fg have
been plotted (26). These data were then used to de-
velop appropriate design criteria.

MULTIMODAL SOLUTIONS

To demonstrate the reliability of this simulated dy-
namic solution, the response of single-span and mul-
tispan bridges with rigid and flexible column bents
has been examined by using the SAP IV computer pro-
gram (13). This program idealizes the bridge as a
three-dimensional unit and examines dynamic response
by using dynamic mass matrix techniques.

Examination of the dynamic response of a three-
and four-span continuous curved structure on flex-
ible bents has resulted in the data (uwy, v
wyr and ) given in Table 1. Examination
of these data indicates that the comparisons between
the resulting frequencies obtained from the space
frame structure and SAP IV are reasonable but that
only the wy, and w values are 1in agreement.
It should be noted, however, that the SAP IV solu-
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Figure 6. Natural frequency (w,) versus radius for
two-span bridges.

Figure 7. Continuity factor F, versus number of spans (L = 50 ft).
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tion does not provide for the angular frequency
(wg) and, if one compares the w. obtained
from the space frame structure with w,, there is
excellent agreement. Therefore, it is reasonable to
; assume that the space frame structure that gives
Sk wy, and wy is a combination of the data given
by w, obtained from SAP IV.
o DESIGN CRITERIA
T
R = 1000 Trends
, The seismic design of continuous curved box girders
Ri= 993999 will be related to the response of single-span
curved girders. Therefore, the single-span acceler~
ations (Ry, Ay, Ay, and A,) were determined
with respect to the basic bridge geometry, which
yielded the following:
Ay for 100 ft < L < 150 ft = 2.2 (L/R)® + 0.011L + 0.45 )
A, for L > 100 ft = - 0.016(L) + 4.7 ®)
A, forL> 100ft=3.8 ©)
AiforL>100ft=1.5 (10)
The continuity factors F have similarly been de-
termined in analytic form. This results in the fol-
50" lowing four continuity factors:
2/3 x 10° F, (longitudinal) = - 0.02(L) + 3.75+ K (11)
0.5 x 103
where K = 0.00125R for R < 600 ft and K = 1.0 for
R > 600 ft.
Fy (vertical) = -0.125(NS) - 0.002L + 1.35 12)
where NS is the number of spans (2, 3, or 4).
4l F, (transverse) = -0.005L + 1.5 (13)

F(torsion) = -0.075(NS) + 1.15 (14)
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Table 1. SDOF solution {space frame) versus SAP 1V,

Transportation Research Record 903

wy (cycles/s)

wy (cycles/s)

w, (cycles/s)

Type of Structure

Space Frame SAPIV

Space Frame SAP IV

Space Frame

Space Frame SAP IV wy (cycles/s)

3.682
3.5232

Three span where L =150, 180, and 150 ft and R = 100 ft
Four-span where L = 150, 180, 180, and 150 ft and R =
1000 ft

4.282
3.444

1.129 1.823
0.966 1.639

1.189
1.016

4.715
3.950

4.506
3.855

Design Approach

The equivalent seismic design of curved box girder
bridges will incorporate the primarily developed
equations and the effective peak acceleration map

(Kp) given by AASHTO (2). The general design
equations for translation and rotation, respec-
tively, are of the following form

EQ,=Fp-A, -m-K, (15)
EQ,=F, A, T-K,p (16)

where

EQ, = total applied seismic force in x, y, z, or t

direclions;

F, = continuity factor in x, y, z, or t direc-
tions;

A, = single-span acceleration;

Kp = effective peak acceleration modifying factor
(2); and

I = rotational mass moment of section = pf(x% +

y2)dA.

For the specific direction n, the continuity factor
F and single-span acceleration A, are given by
Equations 7-14.

SUMMARY AND CONCLUSIONS

The seismic response of single and continuous curved
steel composite box girder bridges has been pre-
dicted by an equivalent structure load method. This
method has been developed by computing equivalent
structural stiffnesses of the entire bridge for the
three displacement directions (x, y, and z) and ro-
tation. These stiffnesses are then used to evaluate
correspanding natural frequencies (mx. mx,
wyr and @) by wusing an SDOF system. The
induced accelerations are then determined from the
response spectrum curves. The results of these
analyses are then used to develop a series of empir-
ical equations for direct design.
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Test to Failure of the Hannacroix Creek Bridge

DAVID B. BEAL

A 52-year-old reinforced concrete T-beam bridge was destructively tested to

luate the q of te deterioration on load capacity. Instru-
mentation included measuring tension and compression rebar strain at mid-
span, end rotation, and midspan deflection. The single- and double-T test
specimens were loaded symmetrically to produce a constant-moment region at
midspan. The condition of the bridge was rated 2.5 on a scale from 1 (poten-
tially hazardous) to 7 (new condition). The concrete deck was highly fractured
throughout and the cement paste severely deteriorated locally, Efflorescance
was common and leakage was evident. Tension rebars exposed by spalled con-
crete had lost 1-2 percent of their cross ional area. Itis luded that the
deterioration noted has no significance with respect to the load-carrying
capacity of the structure. Based on theoretical arguments, it is concluded that
deterioration sufficient for substantial reduction in the capacity of a structure
would be manifested in a local collapse and that overall failure of reinforced
concrete T-beam bridges need not be a concern.

National bridge inspection standards require that
highway bridges be inspected and rated for load-car-
rying capacity. For steel structures, the guide-
lines are straightforward and they can be rated
without difficulty. Reinforced concrete bridges, by
contrast, are not easily rated because the signifi-
cance of deterioration may be unguantifiable. Be-
cause of this difficulty, in 1978 New York State
initiated a research program to develop a low-cost
field testing method for evaluating structural
strength. This effort was abandoned when, at the
load levels attainable, it was shown that bridges
with sound and deteriorated concrete did not differ
in behavior (1).

Because service-load tests could not show dif-
ferences attributable to deterioration, a test to
failure of a heavily deteriorated bridge was
planned. It was believed that correlation of the re-
sults of such a test with the findings of a thorough
pretest inspection and evaluation would give some
insight into quantification of the effects of ob-
servable deterioration.

TEST STRUCTURE

The test structure is a reinforced concrete T-beam
bridge constructed in 1930 that carries NY-32 over
the Hannacroix Creek in Albany County. It consists
of seven beams 39.5 in long and a 36-ft clear span
between faces of the abutments. Nominal cross-sec-
tion dimensions and reinforcement details for an in-
terior beam are shown in Figure 1. In addition, a
nonstructural 4-in concrete wearing surface and a
3-in asphalt wearing surface were removed before
testing. The flexural reinforcement consists of

eight 1.25-in-square deformed bars that provide a
nominal cross-section area of 12.5 in? for a rein-
forcement percentage of 2.25. Compression rein-
forcement is negligible. In the center 21 ft, 10
in, shear reinforcement spacing exceeds the limits
set by current specifications (2, p. 78).

The expansion end bearings consist of steel
plates separated by a layer of graphite grease. This
detail makes no provision for end rotation. At the
"fixed" ends, 0.75-in-diameter rods are embedded in
the abutment and end diaphragm. The beam ends and
diaphragm rest directly on the abutment, a detail
that restrains translation and rotation.

Bridge condition at the time of testing was
poor. The most recent inspection report rates the
primary members at 2-3 on a scale from 1 (poten-—
tially hazardous) to 7 (new condition). Figure 2
shows a photo montage of the underside of the struc-
ture that, except for slight transverse parallax,
reliably shows its condition. Spalled concrete
areas exposing the tension rehars in the beam stems
are evident. The exposed rebars are rusted but do
not appear to have suffered more than 1-2 percent
loss of cross-sectiopal area. Although it is not
visible in Figure 2, the vertical faces of all bheams
exhibited extensive cracking, generally paralleling
their axes. Efflorescence (the white areas in Fig-
ure 2) is common and leakage is evident.

Cores drilled through the deck showed it to be
highly fractured throughout and that the cement
paste was severely deteriorated locally. The dis-
integration of the 4-in concrete wearing surface may
be 1linked to its relatively high absorption (3).
Failure of the structural deck concrete is judged to
have resulted from the freezing of water in pores of
the cement paste, aggravated by the presence of
chlorides in solution. Deterioration of the T-beam
stems has resulted from the same causes, plus corro-
sion of the steel reinforcement. These mechanisms
are facilitated by increased permeability, presumed
to be related to absorption. Mean absorption of
seven core segments taken from the structural deck
was 5.6 percent. This value is greater than about
80 percent of values measured in cores from other
New York bridge decks. The upper 1 in of structural
deck was disinteqgrated and came off with the con-
crete wearing surface. Thus, the structure was
tested with a 6-in slab (see Figure 3).

Sonic pulse-velocity measurements through the
stems of beams 3, 4, and 6 yielded values of 1700-
4400 ft/s. Although precise correlation of concrete
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Figure 1. Nominal di i 4'10"
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strength with pulse velocity has been found to be
infeasible (1), such low wvalues as these suggest
concrete with low compressive strength. For com-
parison purposes, pulse velocities measured on 62
cylinders with compressive strengths ranging from
2000 to 5000 psi were never less than 12 500 ft/s
[

Obtaining cores suitable for compression testing
was difficult because of the extensive concrete de-
terioration. The mean of the two tests performed
was 4200 psi and the range 1000 psi. Because of the
noted disintegration of the deck and the low pulse-
velocity walues, this result is taken as indicating
the unreliability of cylinder tests in predicting
concrete strength in deteriorated structures.

Tension tests on 24 samples of the 1.25-in-square
bars gave an average yield strength of 44 ksi. A
single sample of the 0.5-in-diameter structural deck
reinforcement had a yield strength of 46.5 ksi.
Average loss of square bar cross section determined
on a weight-per-unit-length basis was 2.1 percent
from twenty-four 30-in samples and 2.8 percent from
twenty-seven 2-in samples. Maximum loss of 6.6 per-
cent occurred in a 2-in length; 3.2 percent loss was
the maximum in a 30-in length. Loss was calculated
from an assumed nominal area of 1.56 in?2. Al-
though the structural deck steel was not randomly
sampled, areas exposed during testing showed no cor-
rosion. The chloride content of the structural
deck, determined from drilled samples of concrete
powder, was erratic. It averaged onlvy 2.5 1b/yd?,
and the maximum value was 2.8 1lb/yd’. These rela-
tively low values are probably the best explanation

of the minor rebar corrosion noted. Chemical analy-
sis of the steel showed no alloving elements ex-
pected to increase corrosion resistance.

The structure was designed to carry a live load
of 20-ton trucks. With working stresses of 20 000
psi for the grade 40 steel and 1650-psi concrete
(3000-psi compressive strength was assumed) (4), the
maximum permissible live-load bending moment is 48
percent larger than the design moment due to HS-20
trucks (2). By usi..ng a load-factor approach
(£, = 40 000 psi, £, = 3000 psi), the inven-
tory rating determined for this structure is 1.76
HS-20 design loads. The operating rating for the
bridge is 2.55 or 2.93 HS-20 design loads by working
stress or load factor, respectively. None of these
calculations accounts for the consequences of the
noted deterioration.

With respect to shear, it has been noted that
spacing of stirrups in the central portion of the
beam is greater than current specifications permit
(2). At the supports, however, the provided rein-
forcement is adequate for 1.32 HS-20 trucks or 1.08
HS-20 trucks for service-load design or load-factor
design, respectively.

TEST PROCEDURES

Because of site conditions that prevented detouring
of traffic, the structure could not be tested as a
single unit. Three separate tests were performed.
Two of these were on single-stem units with the as-
sociated structural slab, and the third was on a
two-stem unit with the associated slab (Figure 3).
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Figure 2. Underside of Hannacroix Creek bridge (beam numbers at right).

north foot

Figure 3. Test specimen detail 39'6" 48" =
16'9" 6" Hydraulic
Jacks

C 10 x 25 10"

R 8 | R 1 I

A< cable | | 27 -, | | Cable
Al | B 28"

50"

a) BEAMS 2 AND 3

18"
27"

SECTION A-A

16"9" o 6' 1622 106"
Hydraulic
Jacks
€15 x 339 15%
TR WY NS 8 6"
s [
Cable a4 e Cable

b) BEAMS 5 AND & SECTIONB-B

100"




18

Locations of these units in the structure and their
condition before testing can be seen in Figure 2.
Although the cable access holes reduced the cffeco-
tive slab width, all failures occurred at the
midpoint between loads.

Loads were applied through hydraulic jacks react-
ing against cables embedded in the bedrock beneath
the structure. The load positions shown in Figure 3
provide a 6-ft constant-moment region. Loads were
increased slowly from one load increment to the next
without impact.

Loads were monitored through a pressure gage that
had been calibrated with the hydraulic rams in a
test machine. A manifold was used to distribute oil
to the four rams. The loading scheme consisted of a

Figure 4. Tension strain versus load for all beams.
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series of loading-unloading cycles up to failure.
This scheme provided partial replication of the test
so that some judgment could be made on the reliabil-
ity of the test data. At low load levels, the beam
stems were visually inspected and cracks marked. At
high load levels, because of the considerable force
in the cables, 1t was considered imprudent to get
close to the beams.

Instrumentation was provided for measurement of
strain, displacement, and end rotation. Strain
gages were bonded to each of the four tension bars
in the bottom row (Figure 1) and to a 0.5-in round
compression bar in the slab. Two sections located
symmetrically 1 ft on either side of the centerline
were instrumented. The 0.25-in-long, self-tempera-
ture-compensating gages had a resistance of 350
Q. They provided one arm of a Wheatstone bridge,
completed at the instrumentation located in a
trailer near the test structure. Leads consisted of
250-ft-long, four-conductor no. 22 wire with con-
ductors paired under separate foil shields.

Displacements were measured with a Wilde N-3
level capable of measurements to the nearest 0.001
in. Calibrated targets were placed on the bridge at
the supports and at midspan. In addition, targets
were placed symmetrically at points 6 and 12 ft from
the supports. These latter targets were monitored
at selected loads only. A fixed benchmark was posi-
tioned off the structure.

End rotation was monitored from measurement of
the relative displacement of two points on a rigid
bar attached to the girder ends with respect to the
abutment face. The rotation measurement caused much
difficulty, and the theoretical accuracy of 3x10-¢
rad was not achieved.

The accuracy of field measurements is difficult
to determine because of general inability to perform
replicates. The assumed precisions of 10pe for
strain, 0.01 in for deflection, and 0.0001 rad for
rotation are based on experience with similar mea-
surements and examination of the internal con-
sistency of the data obtained here. Under no cir-
cumstances should it be expected that more reliable
values have been obtained.

TEST RESULTS AND DISCUSSION

Analysis of the rebar strain measurements showed no
trends with respect to longitudinal or transverse
position of the bar in a beam cross section. Thus,
despite the physical difference between rotational
restraint capabilities of the fixed and expansion
ends (Figure 1), the raw strain data were insuffi-
cient to demonstrate a difference. Except at high
strains, the average of all eight bars was taken as
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the best estimate of rebar strain. Additional de-
tails of the data analysis procedures can be found
in the full report (11).

Figure 4 gives tension strain versus load for all
beams. Only strains at peak loads are plotted. Data

Figure 6. Load versus end rotation.
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from loading-unloading cycles have been deleted for
clarity. Despite wvariation 1in the magnitude of
residual strains, it should be noted that the four
beams behaved in a similar manner and that the rela-
tion between 1load and tension strain is largely
linear. Extreme values are represented by beams 3
and 6, beam 3 giving the largest strain values.

Figure 5 presents a composite drawing that shows
load versus centerline deflection for peak loads
only. This relation is also similar to that shown
for tension strains and indicates linear behavior
for loads greater than 20 kips and less than 80
kips. In addition, differences between beams are
less than for tension strains, an expected result
since deflection represents an averaging of strain
along that full length of the beam.

Load versus end rotation is shown in Figure 6.
This measurement proved to he unreliable. Data were
lost at the fixed end of beam 2 and the expansion
end of beams 5 and 6. Some insight into the be-
havior of the structure can be gained, however, from
the data obtained. First, it should be noted that
rotations were zero in all cases for loads less than
about 18 kips. For beam 3, the load needed to cause
first rotation was substantially larger. Once rota-
tion occurred, however, the relation between load
and end rotation was largely linear. These data
imply that both ends of the beam were supplving some
moment restraint. The differing slopes of the lines
for beams 3 and 2 indicate that beam 3 is slightly
more flexible than beam 2 after release occurs. The
flexibility for both ends of beam 3 is approximately
equal, although the release load is larger at the
fixed end of this beam.

Centerline bending moments €for peak 1loads are
pPlotted versus line load in Figure 7. The values
for beams 2, 5, and 6 define a bilinear relation.
Because the rotation measurements showed zero rota-
tion or moment fixity at low loads and the strain
data indicated a constant value of flexural stiff-
ness (11), the first portion of a bilinear load ver-
sus moment relation is taken as that for a fixed-
ended beam. This relation satisfactorily fits the
data for moments less than 2000 kip-in. For com-
parison purposes, a line representing the simple-
beam relation is also shown and clearly does not fit
the data. The plotted relation was calculated for a
span length of 37 ft.

The upper linear portion of the moment-load rela-
tion is taken with a slope equal to the shear span
(a in Figure 7), the simple-beam value. Again, this

Figure 7. Load versus bending 80
moment.
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Figure 8. Influence of concrete strength on bending resistance.
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is suggested by the rotation data, which indicate a
constant value of end restraint after release. The
intersection point for the two linear segments was
selected by fitting the "best line" with the simple-
beam slope.

By using similar reasoning, a relation between
bilinear load and centerline displacement was
derived (Figure 5). The flexural stiffness is taken
as 150x10% kip-in?, as found from the strain
data (11). Comparisons between calculated and mea-
sured deflections are qgood. Of particular note is
the correspondence between the theoretical relation
and beam 3 data. This result suggests that the beam
3 strain data are defective.

The slope of the relation between load and end
rotation implied by the centerline moment analysis
compares reasonably well with the experimental re-
sults (Figure 6). Except for the beam 2 expansion
end, however, the 24-kip end-restraint release load
is substantially less than the experimental value.

It is important to emphasize that no part of the
preceding analysis 1is of particular significance
with respect to the general load-rating problem. The
analysis was performed to demonstrate the consis-—
tency (or lack of consistency) between the various
forms of collected data and to permit estimation of
the elastic modulus. From the results presented, it
can be concluded that the measured values reliably
represent the true behavior of the test specimens.

The only unexplained aspect of beam behavior is
the end restraint indicated by all three measure-
ments. The break point of the bilinear moment-load
relation implies a maximum end moment of 2520 kip-
in. It is difficult to believe that this magnitude
of moment could be developed at the expansion end of
the beams. Even at the fixed end with the 0.75-in-
diameter dowels, the level of moment is unrealisti-
cally large. The ultimate moment of this detail
(taking account of the moment enhancement due to the
beam reaction) is only #60 kip-in. Nevertheless,
the existence of large-magnitude end moments cannot
be disputed in view of the measurements obtained.

The large difference between the modular ratio
found here and the values used in design should be
placed in perspective. First, the consequence of
varying the modular ratio from 20 to 9 [a nominal
value often assumed in design (2)] is to increase
the ratio of bending moment to rebar strain hy only
5 percent. Because of this small wvariation, it
should be clear that the analysis used to obtain the
experimental value is extremely sensitive to small
variations in measured strain. Thus, the reported
value of 20 cannot be claimed to be exact. Second,
the variation in flexural stiffness over the same
range is 30 percent, and this magnitude could easily
be detected in the data. Comparison of measured and
calculated deflections (Figure 5) demonstrates that
the correct stiffness is predicted well by the
modular ratio of 20 and suggests that this value is
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more representative of the actual stiffness of the
structure than the nominal value of 9. Third, it is
wrong to calculate a cylinder strength by using the
modular ratio and the empirical relation devised by
Pauw (7), since the inverse of this equation is not
a "best fit". Thus, the only significance of the
value of 20 is as a measure of stiffness and not of
strength.

APPLICATION TO LOAD RATING

It is not possible or prudent to extrapolate the
findings from a single test to a general set of
load-rating rules. It would clearly be inappropri-
ate, for example, to propose that a certain level of
end-moment restraint be assumed for all structures
because of its existence in this structure. The
same is true with respect to the findings on rebar
yield strength. In addition, the data obtained are
for overall collapse and cannot be used to predict
local failures. What, then, can be taken from the
present tests and applied to the load-rating problem?

The data available can be used to estimate the
reduction in load capacity, if any, from capacities
predicted analytically. Unfortunately, the center-
line moment at failure is unknown, but it must lie
between the boundaries defined by the bilinear rela-
tion shown in Figure 7 and the relation for a simple
beam. These relations establish 1limits for the
failure moment of 1010 and 1230 kip-ft. Alterna-
tively, the largest moment derived from the data was
at the limits of .elastic behavior. For this sec-
tion, the theoretical ratio of maximum elastic mo-
ment to ultimate moment is 0.86. Using this value
and the maximum experimental moment of 960 kip-ft
gives an estimated failure moment of 1140 kip-ft
(11) . This value is at about the midpoint of the
range defined earlier.

The theoretical failure moment determined by
using actual steel yield and cross-section dimen-
sions and accounting for the dead-load moment is
1120 kip-ft. Thus, the theoretical failure moment
is at the midpoint of the possible range of actual
failure moments. Because of this result, it is con-
cluded that no evidence exists to suggest that mo-
ment resistance of the section has been decreased by
either apparent concrete deterioration, 1loss of
rebar cross section, or loss of rebar cover.

This conclusion, which is specific for the struc-—
ture tested, can be generalized to apply to the com-
plete family of concrete T-beam bridges. This is
possible because the conclusion drawn from this test
can be shown analytically. For example, the varia-
tion in ultimate moment resistance as a function of
concrete strength is shown for the test bridge in
Figure 8. Nominal section dimensions and 44-ksi
yield-point reinforcement have been assumed in these
calculations. From this figure, it can be seen that
a 50 percent reduction in concrete strength (from 3
to 1.5 ksi) results in only a 7.5 percent reduction
in ultimate bending resistance. It is assumed that
local failures would occur for strengths less than
1500 psi, and thus this value is taken as a prac-
tical lower limit for rating. A similar analysis
shows that a 50 percent loss of slab thickness de-
creases the flexural capacity of the beam by only 12
percent. It should be noted that the ability of the
slab to support wheel Jloads would be severely re-
duced with a thickness loss of this magnitude and
that deck failure would occur before beam failure
(8).

The relation between flexural strength and ten-
sion reinforcement area is nearly linear. 1In prac-
tice, however, large losses in rebar area are un-
likely. In this structure, the tension reinforce-
ment is distributed in two layers and only the
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exposed lower layer had any loss. Nevertheless, it
may be prudent to require that inspectors record a
visual estimate of cross-section loss. It is not
unreasonable to assume that beams with cover intact
have experienced no important loss of tension rein-
forcement area.

In general, it is not possible to evaluate shear
capacity directly by means other than failure test-
ing. The beams tested in this work did not fail in
shear despite being subjected to loads three times
larger than the maximum design value over all “but
the center 6 ft of the span. The shear cracks,
which opened just outside the center region of zero
shear (constant moment), are a consequence of the
wide stirrup spacing near the centerline of this
bridge. At this location the applied shear was 10
times larger than the design value, which suggests
that this wide spacing is not a critical defect. 1In
addition, the lack of bond failure is taken as evi-
dence that loss of rebar cover is not detrimental to
strength. It has been shown by others (9) that loss
of cover alone has little short-term effect on the
behavior and strength of reinforced concrete beams.

The test beam failed by crushing of the concrete,
an apparent consequence of reduced compressive
strength. This crushing failure reduced beam duc-
tility as measured by wultimate deflection. The
theoretical ultimate deflection was estimated at
about 12 in (10), but the actual values ranged from
3.1 to 4.6 in. Although the actual deflections at
failure are substantially less than the theoretical
values, they are roughly three times larger than the
elastic values predicted by the first equation in
Figure 5. 1In addition, the lower rebhars yielded be-
fore failure. Thus, the apparent loss of ductility
does not compromise the load rating of the structure.

Based on the conclusion that normal forms of
deterioration are not severely detrimental to the
load capacity of reinforced concrete T-beam bridges,
the following load-rating strategy can be used:

1. Assemble as nearly complete a set of standard
sheets as possible.

2. Demonstrate that existing bridges for which
no plans are available are from the standard
sheets. This can be done by means of a random sur-
vey of such bridges where a set of key measurements
is made. For New York State standard sheets, for
example, the clear span, stem depth, and girder
spacing uniquely identify the structure. Bridges
with combinations of these values that are incon-
sistent with the standard sheets cannot be rated by
this technique.

3. Analyze standard bridges for load-carrying
capacity. Reduction factors can be devised for es-
timated losses of concrete strength, structural deck
thickness, and rebar cross sections if feasible in-
spection procedures can be derived. Alternatively,
assuming 2000-psi concrete in analysis will reduce
the possible strength reduction to less than 4 per-
cent, a tolerable value, and the minor consequences
of other forms of loss can be ignored. Inspectors
should be alerted to note large areas of rusted re-
inforcement and to estimate the area loss. In these
instances, individual calculations are required. It
is likely that shear capacity may control the rating
in many cases, especially for short bridges such as
the one tested.

CONCLUSIONS

The structure tested showed no reductions from
nominal load capacity despite its apparently heavily
deteriorated condition. The unexpected compression
failure occurred after rebar yield and at suffi-
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ciently large displacements to give ample warning of
impending collapse. It has been demonstrated that
the insensitivity of the test structure to deterio-
ration is predictable analytically. It is concluded
that deterioration sufficient for substantial reduc-
tion of the capacity of the structure would be mani-
fested in a local collapse and that overall failure
need not be a concern. Finally, a strategy for load
rating is outlined that is founded on the conclu-
sions drawn in this paper and the belief that older
structures were constructed with care that reliably
duplicated the design.
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Load Factor Design Applied to Truss Members in Design
of Greater New Orleans Bridge No. 2

JOHN M. KULICKI

The application of load factor design principles to the design of truss bridges
is illustrated. The recommendations pr ted were developed during pre-
liminary design of Greater New Orleans Bridge No. 2 and weare applied during
final design. Significant savings in construction cost resulted. A specification
format version of these recommendations is currently before the American
Association of State Highways and Transportation Officials Subcommittes on
Bridges and Structures for possible adoption as a “'guide specification”.

The following general description of the load factor
design (LFD) method as it applies to beam and girder
bridges of moderate span is taken from the Highway
Structures Design Handbook of U.S. Steel Corporation
(1):

Members designed by the Load Factor method are
proportioned for multiples of the design loads.
They are required to meet certain criteria for
three theoretical load levels: 1) Maximum Design
Load, 2) Overload, and 3) Service Load. The
Maximum Design Load and Overload requirements are
based on multiples of the service 1loads with
certain other coefficients necessary te ensure
the required capabilities of the structure. Ser-
vice loads are defined as the same loads as used
in working stress design.

The Maximum Design Load criteria ensures the
structure's capability of withstanding a few
passages of exceptionally heavy vehicles (simul-
taneously in more than one lane), in times of
extreme emergency, that may induce significant
permanent deformations without failure.

The Overload criteria ensures control of per-
manent deformations in a member, caused by oc-
casional overweight vehicles egual to 5/3 the
design live and impact loads (simultaneously in
more than one lane), that would be objectionable
to riding quality of the structure.

The Service Load criteria ensures that the
live load deflection and fatigue life (for as-
sumed fatigue loading) of a member are controlled
within acceptable limits.

Moments, shears and other forces are deter-
mined by assuming elastic behavior of the struc-
ture, except for a continuous beam of compact
section where negative moments over supports,
determined by elastic analysis, may be reduced by
a maximum of 10%. This reduction, however, must
be accompanied by an increase in the maximum
positive moment equal to the average decrease of
the negative moments in the span.

The moments, shears or forces to be sustained
by a stress-carrying steel memhear are computed
from the following formulas for the three loading
levels. For Group I Loading:

Service Load: D+(L+I)

Overload: D+5/3(L+I)

Maximum Design Load: 1.30 [D+5/3(L+I)]
D = Dead Load

L Live Load

I Impact Load

where:

The factor 1.30 is included to compensate for

uncertainties in strength, theory, loading,
analysis, material properties and dimensions. The
factor 5/3 is incorporated to allow for overloads.

The feature that most distinguishes LFD from
service load design is the use of different multi-
pliers on the dead and live 1loadings. Structural
members designed by LFD will have a more uniform
capacity for 1live load (in terms of multiples of
live loads) than the same members designed by the
service load method. The same is true of structures
of various span lengths.

Section 1.2.22 of the American Association of
State Highway and Transportation Officials (AASHTO)
bridge specifications (2) states that "when long
span structures are being designed by load factor
design, the 'multipliers' should be increased if in
the engineer's judgment, anticipated loads, service
conditions or matcriale of construction are differ-
ent than anticipated by the specification." In the
case of long-span structures, for most elements of
the structure the ratio of dead load to total load
is greater than it is in moderate-length structures.
Furthermore, the current AASHTO specifications do
not fully treat the evaluation of truss member
capacity. Therefore, design criteria that deal with
proposed load factors and methods of computing mem—
ber capacities are required before truss design by
LFD can proceed.

SELECTION OF LOAD FACTORS

The formula for Group I "multipliers", or "load
factors", given above for bhending problems (maxi-
mum design load = 1.3 [D + 5/3(L + I)]} is shown
as curve A in Figure 1, which relates factor of
safety for bending and tension members to the per-—
centage of total load--either dead load (upper
scale) or live load plus impact (lower scale). The
conventional factor of safety against first yield in
the service load method is 1.82, and this is shown
as curve B. Tt has not been uncommon in long-span
bridge design to allow 10 percent overstress in
members that carry mostly dead load. This corre-
sponds to a factor of safety of 1.65. The transi-
tion to 10 percent allowable overstress often used
by Modjeski and Masters cccurs when the dead load is
more than 7% percent of the total load. This is
shown as curve C. The Group I load factors proposed
here were developed by starting with a line that
would intercept (a) the point corresponding to a
factor of safety of 1.65 at 75 percent dead load and
(b) the point at which the AASHTO service load and
LFD methods have the same factor of safety--i.e., 40
percent dead load. With some rounding off, the
proposed load factors result in

Maximum design load = 1.5 [D + 4/3 (L + )] < capacity 1)
The corresponding overload provision is

Overload = D + 4/3 (L + 1) < 80 percent of first yield capacity )
Comparison of the maximum design load and overload

provisions shows that the overload provision does
not control.
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Figure 1. Load multiplier to first yield versus relative proportions of dead
load and live load.
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It is felt that the load factor relation proposed
here is more appropriate for those truss members
that carry high percentages of dead load--i.e., more
than 75 percent. Similarly, the improbability of
live load positioned on the structure so as to maxi-
mize member loads supports the somewhat lower total
capacity required by the proposed method for members
that carry high percentages of live load.

The proposed load factors for groups other than
Group I have been selected to yield essentially the
same results as service load design, as given below
(case IIA is specifically intended for lateral truss
members) :

Basic Factor of Safety/

Group Group Overstress Factor Load Factor
IX 1.82/1.25 = 1.46 1.46(D + W)
ITA - 1.60W
III 1.82/1.25 = 1.46 1.46 [D + (L + I)
+ 0.3W + WL + LF]
XI 1.82/1.60 = 1.14 1.14(D + HW)

COMPUTATION OF MEMBER CAPACITY
Tension

The capacity of tension members is evaluated by
using the two interaction equations shown below:

[P/(Ey X An)] + [M/(S,)(Fy)(E)] < 1.0 3)
[P/EWL)(ARD] + M/(S) (F)()] < 1.0 @
where
P = factored axial load;
Fy = yield point;
A, = net area (2, Section 1.7.15);
M = factored dead load moment;
S, = net section modulus (2, Section 1.7.15);
f = plastic shape factor computed on the basis
of gross effective properties (f = 2Av/
Sq) ¢
Ay = s%atical moment of gross effective areas;
Sg = gross section modulus;
F, = tensile strength of steel;
AL = net area, all holes removed; and
S5 = net section modulus, all holes removed.
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This interaction equation contains two simplify-
ing assumptions. The first is that the shape of the
interaction equation is a straight line joining the
points (P = Py, M = 0 and (P = 0, M = )=
This is known to be a conservative assumption for
wide-flange shapes bent about their major axis and
rectangular shapes. All shapes under consideration
can be considered in this range. The second assump-
tion is that the plastic shape factor for the net
section (2, Section 1.7.15), the gross effective
section, and the net section with all holes removed
is the same. These are reasonable assumptions,
especially since the moment portion of the interac-
tion curve is usually less than 5 percent of the
total.

Compression

Two interaction equations are used, basically as
discussed in Section 1.7.69(B)(1l) of the AASHTO
specifications (2):

(B/0.85 Age Fer) +{MCMu{1 - [PI(AL)F]}) < 10 s)
(P/085 Age Fy) + (M/M,) < 1.0 ©)
where

Age = gross effective area;
Fcr = critical load [2, Section 1.7.69(A)] with
a suitable effective length factor (K);:
C = equivalent moment factor taken as 0.85 or
1.00, as appropriate;

M, = maximum bending strength, reduced for
lateral buckling as indicated in the next
section;

Fo = (0.85) (wx2?) (E)/(KL/r)? in plane of
bending;

My = (FY) (£) (Sge) ¢ and

Sge = section modulus at end, reduced for access
holes, if any.

Computation of Bending Strength

Box Members

Typical box-shaped truss members have such high
lateral-torsional stiffness that the reduction in
bending strength arising from lack of lateral sup-
port is minimal. The bending capacity can be com-
puted as follows:

M, = Fy Sge {1 -0.0641 [Fy Sgo L VEG/)/EAVE ]} Q)
where
Sge = gross effective section modulus about

bending axis,
L = length of member,
s/t = length of a side divided by its thickness,
A = area enclosed within center lines of plates
of box members, and
Iy = moment of inertia about the nonbending
axis ("vertical axis").

H-Shaped Members Bent About Axis Parallel to Flange

H-shaped sections bent about their major axis (the
axis parallel to the flanges) are very susceptible
to lateral torsional buckling. The elastic critical
stress at which buckling is imminent is

Oer = (1/Sge) VI@? Ely GI)/(KLY*] + [(* h? I E)/4 (KL)*] ®)
where
Sge = gross effective section modulus about

major axis:



24

minor-axis moment of inertia;
shear modulus;

J = St. Venant torsional constant, approxi-
mately & bt?/3;
K = effective length factor for column buckling

about weak axis; and
h = depth of web plate plus flange thickness.

1f . < 1/2 F,, then M, = o
if dcp > 1/2 Fy, then M, = FY Sge
(Fy/4°cr)]'

The expression for ooy above can also be used
for modified H-shaped members composed of two chan-
nels (as flanges) and a web plate.

Sqet
e
(1752

H-Shaped Members Bent About Axis Parallel to Web
H-shaped members bent about their minor axis do not
exhibit lateral-torsional buckling, and their full
plastic capacity may be used. Therefore, in this
case,

M, =1.5Fy 8§, ©)

Width-Thickness Ratios for Plates

Critical elastic buckling stress for plates can be
written as

0gr = K2 E/12 (1 - 1%) (bJt)’ (10)

Substituting E = 29 million psi and y = 0.3 and
solving for b/t yields

bt = (5120 VK)N oo, (11)

BASHTO shifts the curve defined by this equation
to account for the observed behavior of plates,
which indicates that residual stresses and out-of-
flatness reduce the strength of plates of intermedi-
ate slenderness below that which would be indicated
by simple elastic stability analysis. This shift is
accomplished by multiplying the equation above by
0.6, which results in

b/t = (3072 VK)N ooy (12)

For the case of a simply supported plate, the mini-
mum value of K is 4.0. This value of K and the
introduction of a factor of safety that results in a
working stress of 0.55 g5,./1.25 yield

b/t =4073V o, (13)

For main plates of truss members, the AASHTO speci-
fications use

b/t = 40000, (14)

For LFD, the maximum compressive stress 1is 0.85
Ocrr Which leads to

b/t = 5660\ 0, (1s)

The exact values of K, to be used for plate com-
ponents of members for other conditions of support,
are functions of the degree of support, which will
vary from member to member. Actually, the plate
strength of a fabricated member is a characteristic
of the whole cross section, not of an individual
plate. The existing coefficients for b/t ratios for
truss members are the product of theory tempered by
experience and allowances for many nonideal charac-
teristics of plates in members. Therefore, the pro-
cedure described below has been used in developing
b/t requirements.
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The service 1load width-thickness provisions in
the AASHTO specifications can be written as

b/t = Ng 1 A0.55 0/1.25 (16)
or
0¢r =(1.25 Ng;2/0.55)(t/b)? 17)

For LFD with a maximum compressive stress of 0.85
9crr

0.85 0o, =Np# (t/b)% = [(1.25 x 0.85)/0.55] (t/b)* Ng? 18)
Therefore,

Npr =V[(0.85 x 1.25)/0.55] Ng,, 19)

b/t =NLr/\o,, (20)

The resulting values are given in the second
column of Table 1 along with K-values recommended by
the American Institute of Steel Construction, the
resulting coefficient, a recommended coefficient
(Npp), and a maximum b/t ratio. The recommended
b/t coefficients (Nyp) were selected to agree,
where possible, with the coefficients in the AASHTO
load factor provisions for solid rib arches.

The existing AASHTO provisions for stiffened
plates contained in the load factor provisions for
composite box girders (adjusted for 85 percent of
maximum stress) or, preferably, the load factor
provisions for solid rib arches are applicable to
stiffened plates in truss members.

Fatigue Design

Fatigue design proceeds exactly as in conventional
service load design.

Connection Design

The load factor allowable stresses are taken from
Sections 1.7.71(A) and 1.7.72(C) of the AASHTO spec-
ifications except as modified below. The overload
provision, Section 1.7.72(C), will control the de-
sign of friction joints. The corresponding design
capacities determined by using the proposed load
factors are as follows:

Group I: 1.5 [D + 4/3(L + I)] = 1.5 [1 + R/3]
[F,) [m] ([a])

Group II: 1.46 [D + W] = 1.46 F, [m] [a]

Group IIA: 1.60W = 1.60 F, [m] [a]

Group III: 1.46 [D + L + I + 0.3W + WL + LF] =

1.46 F, [m] [a)

Group XI: 1.14 [D + HW] = 1.14 Fv [m] [al
The wvalue of F,, is obtained from Tables 1.7.41Cl
and 1.7.41C2 in the AASHTO specifications, m is the
number of bolts, a is the area per bolt, and R is
the ratio ot live load and impact [orce to total
force. A procedure could also be developed based on
allowing friction bolts to slip into bearing at
factored loads.

The design of welds is based on AASHTO Section
1.7.71(2) . No modification of stated design allow-
ables is envisioned at this time.

Eyebar Pins

The proposed allowable bearing stress on pins not
subject to rotation is 1.35 F,. This wvalue is
based on the Ontario Highway Bridge Design Code (3),
which uses a wvalue of 1.50, in which 0 = 0.9 for
steel.
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Table 1. Determination of service load width-thickness

ratios. Type of Plate Coefficient ~ K-Value? Coefficient NorF Max b/t Ratio
Main 5560 4 5660 5700 45
Cover 6950 5 6333 6750 50
Perforation
Basic plate 8340 6.97 7477 80G0 55
Edge of perforation 2260 0.7 2370 2200 ]2/16b

3Recommended by AISC,

Figure 2. Interaction curves for pins subjected to shear and moment.
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The problem of pin capacity in combined shear and
bending is best approached with an interaction
curve. Figqure 2 shows the results of three approxi-
mations to determine a suitable interaction curve.
The following considerations are noted:

1. Points marked © represent lower-bound solu-
tions obtained for a circular shape by assuming some
portion of the cross section to be yielded in bend-
ing and to carry no shear. The remainder of the
cross section was assumed to be elastic in bending
and shear. The maximum shear stress was equal to
the shear yield stress. When plotted as a normal-
ized interaction curve, lower-bound points computed
as described above plot in the same location regard-
less of the choice of yield criterion. The magni-
tude of the shear force is, of course, a function of
the yield criterion.

2. Points marked [ represent lower-bound solu-

tions, obtained as described ahove, for a square
cross section. A sguare section was also analyzed
because available published solutions applied to

rectangular cross sections. A comparison of lower-
bound results for both shapes provides a basis for
evaluating previously proposed interaction curves
for use in the design of eyebar pins.

3. Points marked were obtained by a computer
program that analyzed a circular cross section,
broken into 20 layers, by tracing the spread of
plastification through the cross section correspond-
ing to increasing, but proportional, moment and

bMain members /secondary members.

shear. The progression of yield for each of these
points was from the top and bottom toward the middle
in order of layer position. The von Mises vyield
criterion was used in these computations because it
is incorporated into the existing AASHTO load factor
provisions for girder design. The calculations were
repeated with the Tresca yield criterion and little
difference was observed. The von Mises yield cri-
terion is g¢? + 31 = ay*; the Tresca cri-
terion is g? + 412 = g 2.

4. Points marked - were obtained for a circular
shape by using the same computer program for ratios
of shear and moment, which caused the progression of
plasticity to proceed either from the middle layer
out to both edges in order of layer position or to
start at the middle and then proceed to total plas-
tification in an order that did not bear any rela-
tion to the order of the layer position. This im-
plies a discontinuous strain field, a phenomenon
that can exist in plastic flow. These points are
regarded as informative but less reliable than the
points marked because not all implications of
the discontinuous strain field on the type of bound
(i.e., upper or lower) have been evaluated.

5. The radial line in Figure 2 represents the
division between ratios of shear and moment for
which first yield occurs in shear or bending. Above
the radial line, first yield results from bending;
below it, first yield results from shear.

6. Plasticity theory indicates that the failure
criterion must be convex. Therefore, the shape of
the interaction curve from the lowest point
marked to the horizontal axis at V/vp = 1.0 is
at least a straight 1line; i.e., it cannot curve
inward.

7. Two 1interaction curves for rectangular cross
sections published by Drucker (4) and Hodge (5) are
also shown in Figure 2. The equation by Drucker is
an empirical expression developed after considera-
tion of a number of upper and lower bounds. The
curve marked "Hodge" has been scaled from the paper
by Hodge (5). The analytic expression was consid-
erably more complex than Drucker's simple expres-
sion. Both curves were developed from analyses
based on the Tresca yield criterion, although Hodge
noted that the von Mises criterion could also have

been used. Neither paper contained experimental
verification.
8. An interaction curve that is similar to

Drucker's but uses an exponent of 3 instead of 4 is
also shown. That curve is somewhat more conserva-
tive than either Drucker's or Hodge's curve and is
suggested as the basis for eyebar pin design, modi-
fied as indicated below.

The discussion above indicates that it would be
reasonable to apply Drucker's interaction curve to
the design of eyebar pins. However, since neither
Drucker nor Hodge published experimental verifica-
tion in their respective papers, and considering the
importance of eyebar pins, the more conservative
interaction curve marked "proposed" in Figure 2 is
suggested for use in the design of Greater New
Orleans Bridge No. 2.

In summary, shear pins

and bending in eyebar
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Table 2. Comparative chord designs.
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Dead Load Without 10 Percent Overstress With 10 Percent Overstress
Percentage
Member Type of Total Service Load Service Load
——— of Service Load Service Load Area/Load Service Load AreafLoad
Chord Nu. Typc? Stool Design T.FN Area Design Area Factor Area Design Area Factor Area
Top NU9-NU7 T A572 68 287.85 326.61 1.13 NA NA
NU7-NUS T A572 76 402.60 464.19 1.15 42199 1.05
NUS5-NU4 T A572 81 498.60 578.35 1.16 525.7R 1.05
NU4-NU2 T A572 81 512,10 588.81 1.15 535.28 1.05
CU2-CU4 T A572 86 418.35 490.45 1.17 44587 1.07
CU4-CUS T A572 86 40485 481.65 1.19 437.86 1.08
CusCu7 T A572 86 247.98 29981 1.21 27255 1.10
SU3-SU5 (e A588 85 335.06 386.95 1.15 352.36 1.05
SU5-SU7 C AS88 85 412.06 469.88 1.14 42941 1.04
AU2-AU4 T A572 82 499.35 581.19 1.16 528.36 1.06
AU4-AU5 T A572 82 485.85 569.35 1.17 517.60 1.07
AUS5-AU7 T A572 79 376.23 438.39 1.17 398.53 1.06
Bottom NL8-NL6 C A514 72 346.59Y 357.06° 1.03 NA NA
NLé6-NL4 C A514 78 398.22 436.94 1.10 398.69 1.00
NL4-NL2 C A514 84 462.75 523.69 1:1:3 475.66 1.03
NL2-NLO C A514 84 462.75 523.69 113 475.66 1.03
NLO-CL2 C A514 86 436.94 497.81 1.14 449 .84 1.03
CL2CL4 (& A514 86 436.94 497.81 1.14 449 .84 1:03
CL4-CL6 c A514 86 333.69° 357.06° 1.07 354.66° 1.06
SL4-SL6 T A572 85 251.85 29745 1.18 270.41 1.07
SLG-SL7 T A572 85 275.85 324,58 1.18 295.07 1.07
ALO-AL2 C AS514 84 462.75 523.69 1.13 475.66 1.03
AL2-AL4 C A514 84 462.75 523.69 1.13 475.66 1.03
AL4-AL6 c A514 80 376.38 424,03 1.13 382.81 1.02
AL6-AL8  C AS14 76 333.69° 344,19° 1.03 333.69° 1.00

Note: T = tension and C = compression.

31f tension member, net area is given; if compression member, gross area is given,
bMember design limited by b/t requirements.

should be evaluated by using the following equations:

M, = (D*/6) (F,) @n
V, = (@D?/4) [(F,)V3] 22)
(M/M,) +(V/V,)3< 095 (23)
CONCLUSIONS

Table 2 compares designs of 25 chord members and
illustrates the savings possible with strength de-
sign. The members shown were generally controlled
by strength reguirements rather than fatigue or
minimum plate sizes; exceptions are noted. In the
latter two cases, both design methods would result
in the same design. Comparison of the results in
which the 10 percent overstress service load cri-
terion was not invoked shows that the ratio of ser-
vice-load—-design area to LFD area ranges from 1.03
to 1.21 and averages 1.14. Inclusion of the 10

percent overstress criterion results in a range from
1.00 to 1.10 and an average of 1.05.
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Testing and Design of Longitudinal Reinforcement

for Cantilevered Bridge Piers

Deep cantilever specimens representing cantilevered bridge piers were tested for
the purpose of studying their structural behavior. 1t has been established that
the strength of the tested specimens is substantially superior to the strength
predicted by con | analysis. A new design method has been proposed
for longitudinal reinfor t based on principles of static equilibrium with
parameters derived from testing. The shear strength of specimens was substan-
tially greater than was anticipated from the design. An example is provided to
demonstrate the proposed design method, which provides a substantial reduc-
tion in the longitudinal reinforcement of bridge pier cantilevers.

A double cantilever system consisting of deep canti-
levers at the top of bridge piers, supporting the
deck, is a rational approach that leads to substan-
tial savings in bridge construction, particularly
for highly elevated intersections or deep valley
crossings. The double cantilever system made it
possible to build a single central pier as a re-
placement for the older design in which two support-
ing piers were used. Despite the rationality of
using central piers with double cantilevers at the
top, there is no research evidence on the behavior
of deep double cantilevers.

Deep double cantilevers are also used to support
precast beams at the top of columns or for footings.

A characteristic of deep cantilevers is a large
depth-to-span ratio--say, larger than one. Other
structural elements with large depth-to-span ratios
are brackets (corbels) and deep beams.

The geometry of deep structural elements influ-
ences the behavior of the element. For example,
brackets in most tests fail because of cracks that
develop from the point of stress concentration at
the intersection of the upper horizontal surface of
the bracket with the vertical surface of the column
face, whereas most bridge pier cantilever specimens
fail because of a crack that starts at the point
where the concentrated load is applied to the speci-
men. Therefore, design methods for deep bridge can-
tilevers must be different from those used in the
design of brackets.

This paper is based on tests of deep double can-
tilever specimens. The tests are described first.
Test results are used to establish a new approach
for analysis and design of longitudinal reinforce-
ment. Based on the principle of static equilibrium
and test results, it has been found that the needed
amount of longitudinal reinforcement 1is substan-
tially smaller than that resulting from a conven-
tional analysis. It was also observed that the
shear strength of the specimens was substantially
higher than is usually assumed. Consequently, the
shear stresses are not governing design criteria,
and shear reinforcement, depending on the slope of
the bottom face, may not be reguired. Other design
aspects of deep cantilevers, such as anchorage of
longitudinal bars and temperature reinforcement,
were not considered in this testing program. The
conventional design practice appears adequate, par-
ticularly for anchorage. Previous work on deep
structural elements has consisted of testing deep
beams and brackets (corbels). Work on deep beams is
not reported in this paper because the structural
behavior of deep beams differs from that of deep
cantilevers. The work on brackets is summarized
below.

Corbels were extensively investigated in Portland

Cement Association (PCA) 1laboratories by Kriz and
Raths (1). The PCA tests resulted in empirical
equations based on statistical results from tests.
It is regrettable that the principles of statics
were neglected in the research of Kriz and Raths.
Other works on corbels are listed in a report by the
American Society of Civil Engineers (ASCE) (2),
among them works by Mehmel and Beckner, Mehmel and
Freitag, and Commissie and others. The investiga-
tion of corbels by Niedenhoff (3) and Franz and
Niedenhoff (4) resulted in new information on the
mechanisms of corbel behavior. Publications ori-
ented toward establishing a design method for cor-
bels based on "satisfaction of the laws of statics"
are reported by Mattock, Chen, and Soongswang (5)
and Mattock (6). According to the best evidence
available to me, cantilevers of the geometry de-
scribed in this paper have never been tested.

The following sections of this paper provide the
description of the experimental setup, resulting
load-stress characteristics, the analysis and design
of reinforcement with design examples, and a tenta-
tive analysis of the stress distribution in a cross
section of a cantilever.

Because a considerable amount of effort was ap-
plied in order to achieve a careful setup of testing
and measurements, it is considered appropriate to
provide a detailed account of the test results in
this paper. Furthermore, since these tests were
used in establishing a new approach for the design
and analysis of an important structural element in
the development of the national transportation sys-
tem--i.e., bridge piers with cantilevers--it is be-
lieved that the experimental data base presented in
detail will substantiate and justify the proposed
approach.

NOTATION
The following notation is used in this paper:
A, = cross-sectional area of reinforcement;

s
a = "shear span,"” distance from the point of

application of the load to the cross sec-
tion considered;

= width of the cross section;

= resultant of normal stresses in concrete at
a given cross section:

? = depth of the cross section;

c

Qo

f, = specified compressive strength of concrete;
fg = stress in reinforcement;
fgy = stress in reinforcement at failure;
f}{ = yielding stress in reinforcement;
j = parameter determining the location of the

resultant of concrete compressive stresses
in a cross section above the centroid of
reinforcement;
jp = magnitude of the parameter j at failure;
T = resultant of tensile stresses in reinforce-
ment ;
V = reaction at tested specimens, load on can-
tilevers;
2V = load on tested specimens;
V, = V at failure;
2V = 2V at failure; and
= ratio of reinforcement or percentage of re-
inforcement.

oTE <
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EXPERIMENTAL SETUP AND TESTING

Experimental work was conducted at the National Bu-
reau of Standards (specimens N1 and N2) and at Case
Institute of Technology (specimens Cl, C2, C3, C4,
and C5). An arbilrary shape wac eelected for the
specimens, which were tested in the upside~down po-
sition (see Figure 1). The overall dimensions of
the specimens were 36x25.5x12 in (91.4x64,8%30.5
cm). The span between the supports was 27 in (68.6
cm). Axes numbered 1 through 15 were used to iden-
tify cross sections of the specimens (see Figure
2). Axes 1, 3, 5, and 7 were separated by 5 in
(12.7 cm) as were axes 9, 11, 13, and 15. The spec-
imens rested on 1x4x12-in (2.5x10.2x30.5-cm) sup-
porting plates, which in turn rested on rollers at

Figure 1. Sectional view of
specimens.

25%"
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Figure 2. Structural details of specimens N1 and N2,
including grid system and location of strain gages.
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each side of the span. For specimens Cl-C5, two
rollers in contact were used at each support as a
precaution against possible escape of the rollers
under loading action. Specimens Nl and N2 were
tested with one roller welded at support A and one
free roller at support B, as shown in Figure 2.

The concrete used was Type III, which had a spec-
ified strength of 3000 psi (20.7 MPa); the strengths
actually obtained ranged from 3930 to 5950 psi
(27.1-41.0 MPa) and the moduli of elasticity ranged
from 3.1 million to 4.8 million psi (21 400-33 100
MPa) (see Table 1).

The characteristics of the reinforcing steel in

the N and C specimens were as follows:

Yield Ultimate Elastic
Specimen Point Strength Modulus
Type (psi 000s) (psi 000s) (psi 000 000s)
N 45.3 74 26
e 45 77 29

The cross—-sectional area of the reinforcement of
specimens N1 and Cl was designed to provide a rein-
forcement ratio at the middle of the specimen, axis
8, that would approximately correspond to allowable

stresses, f£g = 20 000 psi (138 MPa) and £, =
1350 psi (9.3 MPa), at working load in steel and
concrete, respectively. Normal practice was £fol-

lowed to obtain an approximation of 21 in (53.3 cm)
for the depth of the cross-sectional area at axis
8. The distance from the bottom of the specimens to
the centroid of the reinforcement was 1.5 in (3.8
cm). Specimens N1 and Cl were reinforced by two
layers of bars, the others by one layer. The rein-

deocev o

SupponlA

TR0 777777770777 7007777777/ A 7777, SECTION AT AXIS 8

ELEVATION =iy Strain gages on
reinforcement
Table 1. Characteristics of specimens.
Reinforcement Ratio
Modulus of at Cross Sections

Ultimate Elasticity Bars Area of

Strength of of Concrete Reinforcement Axes 5
Specimen Concrete (psi)  (psi 000 000s) Size Number (in?) and 11 Axis 8
N1 5740 4.1 #4 15 3.0 0.0172 0.0119
Cl 4910 3.1 #4 15 3.0 0.0172 0.0119
N2 5950 4.1 Ha 7 1.4 0.0081 0.0056
C2 5270 4.7 #4 7 1.4 0.0081 0.0056
G3 3930 4.8 #3 5 0.55 0.0032 0.0022
c4 3930 4.8 #3 3 0.33 0.0019 0.0013
e5 3930 4.8 - 0 0 0
Note: 1 psi = 0.006 895 MPa; 1 in> = 6.45 cm>.
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Figure 3. Location of strain gages on reinforcing bars in plan view.
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forcement of specimens consisted of 15 #4 bars for
Nl and Cl, 7 %4 bars for N2 and C2, 5 #5 bars for
C3, and 3 #3 bars for C4 for the specimen width of 1
ft (30.5 cm). The resulting reinforcement ratio at
the middle of the specimen (axis 8) varied from
0.0119 to 0.0013 and near the quarter-span (axes 5
and 11) from 0.0172 to 0.0019 (Table 1l). Electrical
resistance strain gages 3/8 in (0.95 cm) long were
located on the reinforcing bars (see Figures 2 and
3). In specimens N1 and N2, the strain gages were
located at the top and bottom of each bar, 20 gages
in each specimen. In specimen N1, the gages were
attached to the bars of the lower layer. In speci-
mens Cl-C4, the gages were placed at similar loca-
tions at the bottom of each bar, 3 gages in each
specimen (Figure 3). The strain readings were cor-
rected to obtain the strain and stresses at the cen-
troid of the reinforcement in all specimens on axes
5, 8, and 11 and at the supports. Specimens N1 and
N2 were equipped with strain gages placed on con-
crete in addition to those placed on the reinforc-
ing. This paper 1ncludes the results of strain
measurements in the steel only.

The load was applied at the top of specimens
through the spherical head of 600 000-1b (2670-kN)
capacity testing machines with 15 000-1b (66.7-kN)
increments in the N tests and with 30 000-1b
(133-kN) increments in the C tests. The test re-—
sults are presented as reinforcement stress as a
function of load at five locations in the N speci-
mens, at approximately the quarter-span (axes 5 and
11), the middle span (axis 8), and the supports and
at three locations in the C specimens.

EXPERIMENTAL LOAD-STRESS CHARACTERISTICS

Load-Stress Curves at Approximately Quarter-Span

(Axes 5 and 11)

Specimens N1 and Cl

The curves of load versus experimental stress in the
reinforcement at axes 5 and 11 of specimen N1 follow
the same pattern very closely from zero to failure
load (see Figure 4). Both indicate elastic behavior
of the concrete up to a load of about 90 kip (400
kN). Above 90 kip, the experimental stress 1lines
begin to deviate gradually from the straight line.
The first diagonal crack (shown at the left-hand
side of the photograph in Figure 5) developed at a
load of 135 kip (600 kN) and extended nearly half
the specimen height., Further development of this
crack and a new crack at the right side observed at
a load of 165 kip (734 kN) are also shown in Figure
5. At 165 kip, the crack on the left side extended
to about 90 percent of its final length and the
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crack on the right side to 60 percent of its final
length. The major formation of the cracks therefore
occurred between loadings of 135 and 165 kip. Cor-
respondingly, the experimental curves exhibited a
flatter pattern in this interval, indicated in Fig~-
ure 4 as "major extension of diagonal cracks." This
stage may be considered a transition stage, which is
a stage between the elastic state of equilibrium and
the cracked-elastic state of equilibrium when the
steel absorbs the major portion of tensile stresses.
The new state of equilibrium of internal forces,
cracked-elastic equilibrium, beginning at a load of
165 kip, is reflected by the portion of the experi-
mental curves that follow a straight line with a
slope larger than that in the transition stage but
smaller than that in the elastic stage below a load
of 90 kip. The left crack stopped running at 315
kip (1401 kN), as indicated in Figure 5. The ex-
perimental lines (Figure 4) indicate a flatter slope
beginning with the 315-kip load. At a load of 405
kip (1801 kN), formation of a new crack starting
from the existing crack at the right side was ob-
served, beginning approximately at the 165-kip mark
shown on the existing crack. The new crack extends
up to the intersection of the column face (axis 7)
with the sloping face of the specimen. This crack
produced a sudden, explosive failure. Simultane-
ously, a curved crack developed at the support and
there was separation of a piece behind the hooks of
reinforcement. The failure occurred at stresses in
the reinforcement of 38 600-39 500 psi (266-272 MPa)
(see Table 2), much below the yielding stress of
45 300 psi (312 MPa). Consequently, the cause of
failure was the diagonal tension (principal tensile
stresses) in concrete in the direction normal to the
failure crack without yielding of the steel. The
experimental curve obtained from testing specimen Cl
follows approximately the pattern of the experi-
mental curves for N1 (not shown in Figure 4). Spec-
imen Cl failed prematurely because of crushing of
the specimen head at a load of 236 kip (1050 kN).
Stresses for typical loads are listed in Table 2.

Specimens N2 and C2

The curves of load versus experimental stress at
axes 5 and 11 of specimen N2 closely coincide (Fig-
ure 4). At the point indicating a load of 75 kip
(333 kN), two curves of specimen N2 turn back, show-
ing a drop in stress of about 1000 psi (6.90 MPa).
The drop in stress in the steel at both axes 5 and
11 is local; the curve gradually returns to the nor-
mal pattern similar to that of specimen N1l. The
curve for specimen C2 indicates stresses consis-
tently larger by 2000-3000 psi (13.8-20.7 MPa) than
the stresses in specimen N2. The difference is
probably due to the different arrangement of the
supports. Similar higher stresses were observed in
Cl for apparently the same cause,

Only two states of stresses can be clearly de-
fined from the curves of specimens N2 and C2: the
noncracked elastic and cracked elastic. The first
crack, which was a diagonal crack at the right-hand
side (see Figure 6), was observed in specimen N2 at
the same load [135 kip (600 kN)] as in specimen N1;
however, steel stress at 135 kip in specimen N2
(axis 11) was 18 200 psi (125 MPa) versus only 8200
psi (56.5 MPa) in specimen N1, which is almost ex-
actly in proportion to the amount of reinforcement
in N2. The second crack was observed in the middle
of the specimen at a load of 150 kip (667 kN). A
similar crack was not observed in the specimen with
higher reinforcement, specimen Nl. The third crack,
a diagonal one, was cbserved at a load of 180 kip
(B01 kN) on the left side. Two minor sloping cracks
developed at about half the distance between the
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Figure 4. Stresses in reinforcement at axes 5 and 11 as T T
a function of load.
400

300

200

Load applied to the specimens. kips

100 cracks

Major extension
of diagonal

Figure 5. Specimen N1, face 2, after failure.

diagonal cracks, starting at the supports and the
middle crack; similar cracks were also not observed
in specimen Nl. All five cracks were fairly sym-
metrically located about the center of the specimen,
which may be regarded as an indication that the sup-
port conditions were symmetrical--i.e., compatible
with the free support concept. A further extension
of diagonal cracks was observed in both sides of the
specimen at a load of 225 kip (1001 kN). ‘he left-
side crack reached the column face at axis 9, face
2, and caused the failure (Figure 6).

The appearance of the first diagonal cracks at
the same 135-kip load in both specimens N1 and N2
and the extension of cracks at near the same loads
in N1 and N2 (the 225-kip marks at the left side of
specimens N1 and N2 are located at the same 1level)
indicate that the amount of reinforcement does not
influence the appearance and the extension of diago-
nal cracks. The failure of specimen N2 occurred at
a load of 225 kip by a sudden, explosive failure of
the concrete along the diagonal crack on the 1left
side similar to the failure of specimen N1. A sim-
ilar accompanying crack near the reinforcing bar

|
20,000 40,000

1] (1]
Stresses in reinforcement, psi

hooks was observed as well as splitting of concrete
at the hooks and at the top near the column. The
failure occurred at stresses in reinforcement of
49 000 psi (338 MPa) at the middle and 46 300 psi
(319 MPa) at axis 11, which were above the yield

''''' [45 300 psi (312 #MPa)j. Consequently, the
cause of failure was the diagonal tension (principal
tensile stresses) in concrete with simultaneous
yielding of steel. The failure of specimen C2 was
similar to the failure of specimen N2.

Specimen C3

The experimental curve for specimen C3 is similar to
that for specimen C2 for stresses less than 10 000
psi (69 MPa). It slopes more heavily to the right
at about the 10 000-psi point as a consequence of
the smaller amount of reinforcement. At a load of
90 kip (400 kN), stresses were 10 000 psi in C2 and
11 700 psi (80.7 MPa) in C3. The magnitudes of
these stresses are close despite a considerable dif-
ference in the amount of reinforcement. This must
be explained by the assumption that concrete resists
more tension in specimen C3 with less reinforce-
ment. The cracks that developed in specimen C3 were
first observed starting from the supports as in
other specimens and following a diagonal direction
toward the top. A vertical crack was observed near
the middle of the specimen. The experimental curve
indicates that, at failure, the stress in the steel
reached the yield point. The type of failure is the
same as that of specimens N2 and C2: by diagonal
tension in concrete with simultaneous yielding of
the reinforcement.

Specimens C4 and C5

The experimental curve of specimen C4 with low rein-
forcement is determined by only two points (Figure
4). An almost vertical crack developed in the spec-
imen, starting near the middle. The same crack
caused the failure at a load of 71 kip (316 KkN),
slightly above the second load, 60 kip (267 KkN),
which caused a stress of only 5300 psi (36.5 MPa) in
the reinforcement. The widening of the crack caused
a sudden increase of stress in the steel, which pro-
duced failure by yielding of the steel. A middle
crack in specimen C3 did not produce failure whereas
in C4, with less reinforcement, the vertical crack
was fatal.
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Table 2. Stresses in reinforcement
calculated from measured strains and

corresponding loads. Specimen Stage

Stress (psi 000s)

Load (kips) ] Support A Support B Axis § Axis 11 Axis 8

NI At first diagonal crack
At last recorded strain
At failure load

Cl At last recorded strain
At failure load
N2 At first diagonal crack

At last recorded strain
At failure load

C2 At last recorded strain
At failure load

C3 At last recorded strain
At failure load

C4 At last recorded strain

At failure load

135 2.3 34 6.5 8.2

390 21.4 23.9 36.7 38.0

405 23.0 26.0 38.6 39.5

180 18.7 18.8

236

135 3.0 4.9 17.2 18.2 20.3

225 23.0 28.0 40.9 41.5

255 28.6 32.5 46.3 49.0
180 25.0 36.0 41.8

224 378 48.0 54.5
120 312 42.0 44.7
149 67.0 73.0
60 2.5 5.3 12.2
71 6.8 16.5

Note: 1 kip = 4.448 kN; 1 psi = 0.006 895 MPa.

Figure 6. Specimen N2, face 1, after failure.

An additional specimen--C5, build with plain con-
crete--was tested. It failed under a load of 33 kip
(147 kN), about half the load that caused the fail-
ure of specimen C4, This is an indication that even
an insignificant amount of reinforcement, as in
specimen C4, improves considerably the loading ca-
pacity of the specimen, a fact known by the design-
ers of footings but not treated by the reinforced
concrete design codes.

Load-Stress Curves at Middle of Span (Axis 8)

Comparison of experimental curves (see Figures 4 and
7) obtained from strain measurements at axes 5, 8,
and 11 of specimen N1 shows that the curves almost
coincide. The closeness of the stresses, particu-
larly at 165 kip (734 kN) when major cracks are
formed and up to failure, indicates that stresses in
the reinforcement change 1little along the middle
portion (from axes 5 to 11) of the specimen. At the
last prefailure load [390 kip (1735 kN)], stresses
in the steel are 36 700, 39 400, and 38 000 psi
(253, 272, and 262 MPa) at axes 5, 8, and 11, re-
spectively; i.e., there is about 6 percent differ-
ence between the average stress in 5 and 11 and the
stresses at axis 8 (Table 2). This indicates that
the steel absorbs almost uniformly the horizontal
component of the resultant of the principal stresses

directed from the applied load toward the supports.
The curves and the stresses in steel at failure for
specimens N2, Cl, C2, and C3 confirm the same con-
clusion: Stresses in the steel are nearly equal
from axis 5 to axis 11 (Table 2).

Load-Stress Curves at Supports

The general pattern of the experimental curves for
specimen N1, representing stresses on supports ver-
sus loads (see Figure 8), is similar to that of the
experimental curves plotted from observations of
axes 5, 8, and 11. Stresses in the reinforcement at
the supports, including stresses at failure, indi-
cate values close to one-half those observed in bars
in the space between axes 5 and 11 (Table 2).
Stresses at failure in the reinforcement at the sup-
ports for specimens N2, C2, and C3 are larger than
one-half the values of stresses in the space between
axes 5 and 11.

NOMINAL SHEAR STRESS AT FAILURE

The nominal shear stress characteristics for loads
at the first diagonal crack and at failure are given
in Table 3. The nominal shear stress at failure is
very large, up to 2328 psi (16.0 MPa) at axis 5.
This is due to the action of the reinforcement. 1In
such structural members as deep cantilevers, the
nominal shear stress cannot be used as a design cri-
terion because it is not a measure of the shear
strength (or principal tensile strength) of concrete
but rather is a measure of the strength provided by
tensile reinforcement.

EQUATIONS OF EQUILIBRIUM: DESIGN OF LONGITUDINAL

REINFORCEMENT

Eguations of Equilibrium

The equilibrium of a free body to the left of any
vertical section passing through the left portion of
the cantilever specimens will result in the equation
for the reaction at the support, which is the con-
centrated load in the prototype (V,):

Vi = Asfsa (jd/a) (D

Because the stress distribution in a vertical
cross section of a short cantilever with a sloping
face is unknown and differs substantially from that
in a long cantilever with parallel faces or in a
long (shallow) beam, the equation of equilibrium,
Equation 1, cannot be used directly. The arm of the
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Figure 7. Stresses in reinforcement at axis 8 as a fune-
tion of load. 400
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resultants of the internal normal stresses acting on
a vertical section (jd) must be investigated in
order to validate Equation 1 for analyzing the ul-
timate load (V,). The stress of steel at failure
(fg,) must also be assumed. Both the arm jd and
the stress £, may be determined from the tests
reported in this paper.
By rewriting Equation 1 for j,

j=(VIfsAq)(a/d) (2)

and using 2V for the monotonic load on the specimen
(V is the reaction), £5, the stress from the cor-
responding measured strain, and the known quantities
a, Ag, and d, the parameter j was calculated from
test data and plotted versus the quantity V/f Ag
in Figure 9 for the vertical cross sections at axes
5 and 8 of specimens N1, N2, and C3. Only a portion
of the available data is shown in Figure 9. Many
other points that are not shown in Figure 9 would be
located, if shown, exactly on the same straight
lines. It is seen that the parameter j depends lin-
early on the quantity V/fsAs. Moreover, for
specimens N1, N2, and C3, the experimental points

20,000

Stresses in reinforcement, psi

Table 3. Nominal shear stress characteristics.

Shear Stress (psi)

Axis § Axis 7

At First At At First At
Specimen Diagonal Crack Failure "Diagonal Crack =~ Failure
N1 776 ° 2328 577 1730
N2 7176 1466 577 1090
C3 856 637
Cc4 408 303
Cs 190 141

Note: 1 psi= 0.006 895 MPa.

lie on the same straight line regardless of the
amount of reinforcement. Parameter j can be re-—
garded as an index to the stress distribution in a
cross section. In the beginning of the test,
j > 5 (see the upper points); i.e., the resultant
of normal stresses is located outside of the sec-
tion, which indicates the presence of tensile stress
in the cross section that corresponds to the pre-
cracked state. With increasing load 2V (and de-
creasing ratio V/fgAg), the parameter j de-
creases and reaches the value jp, the value at the
last observed strain prior to failure. Values of
jp were calculated at sections 6 and 7 in addition
to those at sections 5 and 8 (see Table 4). A graph
representing the product Jjpp versus p, where
p is the reinforcing ratio, was plotted (see Fig-
ure 10). Because this plot is linear with 1little
scatter and all four lines converge to a single
point (at 0-0.12), it was possible to establish a
common equation for jp as follows (for p in per-
centage) :

jF = (0.12/p) + 1.36{[(a/d) + 0.06] } 3)

A verification of the accuracy of Equation 3 for
p = 1 percent is given below:

JF
Ratio a/d Calculated From Graph Error (%)
0.38 0.718 0.72 -0.3
0.47 0.841 0.85 -1.2
0.54 0.936 0.87 +1.3
0.64 1.072 1.08 ~0.+7

The error is within 1.3 percent. This indicates
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(i) as a function of ratio of load to

Figure 9. Internal force arm par
force in steel reinforcement (V/fsA).
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that Equation 3 provides a satisfactory method for
determining the parameter jp. Equation 3 provides
the means for designing the reinforcement for a
given load V, by using Equation 1 for the stresses
in steel at the failure load. Data given in Table 2
indicate that the specimens failed at stresses in
steel approximately equal to yield stress. A reduc-
tion factor of approximately 0.85 can be used. The
ultimate stress corresponding to the given ultimate
load will consequently be fg, = 0.85f,.

Equation 3 can be combined with the equation of
equilibrium, Equation 1, and a formula for propor-
tioning cantilevers can be obtained as follows:

Ag = (Vya - 0.0012db2 g, )/[1.36f,(a + 0.06d)] )

for consistent units.

For a given ultimate load V,;, and its 1location
determined by the shear span a, the elements of the
cantilever--b, d, and Ag--must satisfy Equation
4. The width b must be selected to provide the
space for placing the bars. Because Equation 3 is
derived from experiments, the condition for com-
pressive stress in concrete is satisfied if Equation
4 is satisfied. The nominal shear stress in con-
crete at a given cross section should not be con-
sidered as a design criterion (see above). Shear
reinforcement is not required if the reinforcement
is designed by using Equation 4. Bec~use Equations
1-4 are derived based on satisfying the 1laws of
statics, the principle of superposition can be ap-
plied when they are used; i.e., any number of con-
centrated loads from girders resting on a bridge
pier may be included in this analysis.

Design of Reinforcement

An example of a design is provided: For an ultimate
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load V,; = 600 kip (2669 kN) located at a = 5.0 ft
(152 cm) from the column, design the cross section
at the column. Use steel fy = 45 ksi (310 MPa),
use stress at failure £, = 0.85 x 45 = 38,25 ksi
(264 MPa), and assume a cross section with b = 24 in
(61 cm) and 4 = 48 in (122 cm). From Equation 4,
the necessary reinforcement will be as follows:

A; = [600x 5x 12 - 0.0012 x 48 x (24)? x 38.25]
+[1.36 x 38.25(5 x 12 + 0.06 x 48)] = 10.62 in? (68.5 cm?)

The corresponding value for jp for this analy-
sis by Equation 3 is jp = 1.92. A similar design
for a shallow beam determined by using the ultimate
load method results in substantially larger rein-
forcement. By using "Wi't:ney's block" for compres-
sive stresses and 0.85f, stress (7, p. 50), the
reinforcement is Ag = 26.8 in? (173 cm?) with
j (same as jp above) = 0.732.

Geometry

The cantilevers were tested by using specimens of
particular geometry (Figures 1-3). However, the
essential geometric characteristic that determines
the behavior of this type of structure is the shear-
span-to-depth ratio, a/d. If the slope of the lower
surface of a bridge pier or the height at the end of
the cantilever is different from those of the tested
specimens but the essential characteristic, a/d4,
remains the same at a given cross section, the char-
acteristic of the section at failure (jp) must
remain essentially the same. However, testing is
desirable to confirm the applicability of the method
to other cantilever shapes, particularly for bridge
piers with a steeper lower surface--i.e., with
larger depth-to-span ratio (d/a).

The above argument does not apply, however, to
such structural elements as corbels (brackets).
Because corbels (brackets) projecting from columns
or walls have substantially different geometry near
the column or wall face and consequently a different
stress pattern near the support than deep canti-
levers, Equations 3 and 4 may not provide suffi-
ciently accurate results if applied to corbels.
This conclusion follows from several trial calcula-
tions based on PCA test data (1).

INVESTIGATION OF NORMAL STRESS DISTRIBUTIONS
AT A CROSS SECTION

A study of jp values from Figure 9 and Table 4
indicates that at lower reinforcement parameter jp
is larger. When Jp > 1, the resultant of the
normal stress in the cross section is located out-
side the cross section. This indicates that tension
in the concrete must exist prior to failure. On the
other hand, when the ratio V/f.A; decreases
(Figure 9), the parameter j decreases. The param-
eter j is greater than 5 at the beginning of the
test at low loads, when the precracked condition
exists; it gradually drops to the value jp indi-
cated in Figure 9. .

At the prefailure conditions concrete still re-
sists tension, apparently at the lower portion of
the cross sections, despite the fact that major
cracks develop at the support. The hypothesis that
concrete still resists tension at the prefailure
stage (indicated by a large value of jp) may be
supported also by the fact that the concrete does
not exhibit cracks at the reinforcing bars between
the supports if a sufficiently large amount of rein-
forcement 1is provided (specimen N1). This also
means that the bond between the bars and the con-
crete is not broken and therefore concrete partici-
pates in resisting tension in addition to the resis-
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Table 4. Par iF at last " i
strain determining location (jrd) of Section at Axis No.
I P N : Load 2V on

resultant o normal stresses in concrete Specimen at 5 6 7 3

and corresponding p. Last Recorded
Test Strain (kips) iF p (%) iF p (%) ir p (%) iF p (%)
N1 390 0.67 1.72 0.81 1.47 1.91 1.28 1.06 1.1y
N2 225 0.75 0.81 0.92 0.69 0.97 0.60 1:25 0.55
C3 120 0.99 0.32 1.20 0.27 1.35 0.24 1.57 0.22

Note: Shear span/depth ratio (a/d) = 0.38, 0.47, 0.54, and 0.64 for sections 5, 6, 7, and 8, respectively.

Figure 10. Parameter jrp0 as a function of the reinforcement ratio, p, and
arm-to-depth ratio a/d.
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tance of the bars. In specimen N2 vertical cracks
developed, so the participation of concrete in ab-
sorbing tension stress is not so obvious for this
specimen.

An analysis done for specimens N1 and N2 by using
the actual values of Jjp results in the normal
stress distribution diagrams shown in Figure 1la,
b. This analysis assumes the neutral plane at the
intersection of the major crack with the cross sec-
tion at axis 7. Observed strain, given load, rein-
forcement data, and the magnitude of the parameter
jp (Equation 3) are used. The compressive stress
block is assumed to be rectangular. If the rectan-
gular compressive stress block 1is used, tension
stress below the neutral plane must be present to
satisfy the condition of equilibrium. Calculated
tension stresses are shown in Figure 11l. If a para-
bolic stress distribution or a triangular compres-
sive stress diagram were assumed, the tension stress
below the neutral plane necessary for equilibrium
would still exist but would be smaller. If a sim-
ilar analysis were made at axis 8 (instead of axis
7) with jp = 1.06 (for N1) and 1.25 (for N2), the
tension necessary for equilibrium would be larger
than in the example analyzed for axis 7 because the
resultant C of stresses in concrete is located at
axis 8 outside the cross section (jp > 1) (Table
4). The magnitudes of the stresses calculated for
specimens N1 and N2 are shown in Figure 11.

CONCLUSION

Tested deep reinforced concrete cantilevers exhibit
substantially higher resistance to applied load than
that determined by conventional methods of analysis
using the ultimate load or working stress method. A
study based on equilibrium of tested specimens pro-
vided a method for determining the arm of the re-

Figure 11. Normal stress distribution in concrete in specimens N1 and N2 at
last observed strain at axis 7 prior to failure.

1611 psi
I

N1

~—134 psi

sultant of normal stresses in concrete in a vertical
cross section as a function of depth-to-span ratio
and-- reinforcement ratio.- A -general - equation for
analyzing the arm of this resultant is presented.
In turn, this equation provides the means for de-
signing the reinforcement to satisfy conditions of
equilibrium prior to failure. Conditions for com-
pression of concrete are satisfied by using this
equation. It has been found that nominal shear
stresses at vertical cross sections are very large,
much above the shear (principal tension) strength of
concrete. This is because the horizontal reinforce-
ment provides shearing strength to the structure.
For this reason, nominal shear stress should not be
used as a criterion for the design. The true dis-
tribution of normal stresses prior to failure in
vertical cross sections is still unknown, although
the equilibrium study indicated that tension in con-
crete exigts and contributes to the overall resis-
tance of deep cantilevers. This in part explains
their higher resistance to the applied load compared

with that predicted by conventional methods of
analysis.
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Study of Cracking of Composite Deck Bridge

on I-75 over Peace River

CLIFFORD O. HAYS, JR., FERNANDO E. FAGUNDO, AND ERIC C. CALLIS

Observed cracking on the Peace River Bridge on Interstate 75 near Punta Gorda,
Florida, caused concern about the possibility of high maintenance cost and the
structural adequacy of the bridge system. The deck system consists of precast
panels resting on soft fiberboard, which serve as formwork for the road surface
and later aid in carrying the traffic loads. An investigation has been completed
that involved testing of the Peace River Bridge, testing of the FL-776 Bridge

{a nearby structure of similar construction), analytic modeling using the finite
element method, and limited laboratory testing of beam specimens. The in-
vestigation indicates that although the Peace River Bridge is adequate to carry
normal traffic, the shear stresses in the bridge deck are substantially higher than
those of deck systems that have positive bearing at the ends of the panels.
Further experimental studies are under way to determine the shear fatigue

life of the bridge. The causes of cracking and separation at the ends of the panels
are identified as differential shrinkage and creep due to prestress forces. Recom-
mendations for future construction projects are made.

Rising costs of formwork, materials, and labor have
greatly increased the cost of reinforced concrete
bridges constructed with conventional field forming
techniques. Construction techniques that reduce the
amount of forming done under field conditions in-
crease the economy of the bridge. Prefabricated
prestressed girders have been in common use in
bridges for approximately 30 years. Precast stay-
in-place forms of concrete and steel replaced wooden

forms in recent years and eventually led to the
development of precast composite deck panels. Com-
posite deck panel bridges contain precast pre-

stressed panels that span between bridge girders and
support the cast-in-place topping, eliminating most
of the field formwork. Research in Florida, Penn-
sylvania, and Texas led to their widespread accep-
tance and incorporation into the American Associa-
tion of State Highway and Transportation Officials
(AASHTO) specifications (l). Figure 1 shows typical
composite bridge panel construction, as built in
Florida, prior to this research.

Recent research in Florida (2) and Louisiana (3)
dealt with full-span form panels that span directly
between piers without using prestressed girders.
Additional research on deck panels was recently
completed in Texas (4). Although there are signifi-
cant differences in these two types of construction,
they both exhibit more regular cracking patterns
than bridges with reinforced concrete decks con-
structed by using conventional forms. The combina-
tion of (a) shrinkage due to placing a thin layer of
fresh concrete on top of a deck panel that has
already undergone a major portion of its shrinkage

and (b) vertical joints between panels and cast-in-
place concrete in regions of high stress (due to
traffic) will cause cracking and the cracking will
follow a regular pattern. However, extensive re-
search and experience have shown that these systems
can be safely used in bridge construction.

The Peace River Bridge on I-75 near Punta Gorda,
Florida, was constructed with prestressed girders
and composite deck panels. During the construction
of the bridge, an unusually large number of cracks
were observed in the deck. As pointed out earlier,
some cracking is inherent in this type of construc-
tion, but the extensive early cracking that was
observed caused concern about the possibility of
excessively high maintenance costs due to deteriora-
tion of the deck with time.

Preliminary studies of the plans for the Peace

River Bridge indicated one major difference from
details used in other states. On the Peace River
Bridge, and other bridge work in Florida, the pre-

cast panels are supported, as shown in Figure 1, by
fiberboard so that the panels do not have positive
bearing on the girders. One series of the Florida
panel tests (5) was made without positive bearing
for the panels, and satisfactory performance of the
panels was observed. However, these test panels had
prestressed strands that extended a short distance
into the cast-in-place concrete. In addition, these
laboratory test specimens were not exposed to tem-—
perature, creep, and shrinkage stresses, which
aggravate the cracking near the end of the panels
under field conditions.

The panels are designed to act compositely with
the cast-in-place concrete in resisting live loads
and are assumed to act as a continuous slab with
negative moment developed in the slab over the
girders. The ability of the panels to transfer
shear across their ends and provide continuity was
questioned due to the observed cracking. Prior
research concentrated heavily on demonstrating that
adequate bond could be developed between the top of
the panels and the cast-in-place topping. Only
minimal attention was given to the bond between the
end of the panels and the cast-in-place concrete
over the girders. The exact mechanism of the shear
transfer and the degree of continuity in this region
of interfaces between various concretes with creep,
shrinkage, and temperature cracks is difficult to
predict with any degree of certainty. Thus, a
thorough investigation of the Peace River Bridge was
warranted.
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Figure 1. Typical composite bridge panel construction.
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FIELD TESTS

Static and dynamic tests of the Peace River Bridge
were made to determine the degree of composite
action and structural adequacy of the decks. Tests
were performed under three conditions:

1. Present condition--Testing was performed on
(a) sections with typical reinforcement used in most
areas of the bridge and (b) sections with increased
reinforcement.

2. Remedial improvements—-The fiberboard under
several panels was removed and the void so creatced
was grouted. These panels were later retested.

3. Comparison tests--For comparative purposes, a
nearby bridge on I-75 crossing FL-776 was tested.
The FL-776 bridge had similar details but shorter
panel spans and less extensive cracking.

LABORATORY TESTS

After a preliminary study of the field data, the
major area of councern became the shear hehavior of
the joints at the ends of the precast panels. Thus,
a series of laboratory tests was made on slab speci-
mens constructed by using strips sawn out of panels
left over from the construction of the Peace River
facility. These strips or "beam" specimens were
loaded cyclically to study their shear fatigue
strength. The results of these beam tests (6),
although only applicable in a qualitative way to
actual bridge decks, indicated that testing of wider
specimens was necessary to determine the shear
fatigue life of the Peace River Bridge. Tests are
already in progress at the University of Florida to
evaluate the shear strength and behavior of wide-
slab specimens with joint details similar to those
on deck systems of the Peace River type.

FIELD TESTING PROCEDURES

Peace River Bridge

The Peace River Bridge consists of two parallel
structures that have a number of simple girder spans
between 65 and 105 ft. A Florida Department of
Transportation (DOT) water tanker was used for
loading the bridges, either hydraulically or as a
vehicle load. A data acquisition system was stored
in an instrument trailer and used to record deflec-
tion and strain measurements. Figure 2 shows the
configuration used for most of the tests in which
deflection measurements were made by using two
wooden gage support beams attached to the center
three girders. Two other displacement gages were
supported on top of the deck to measure the relative
slip across longitudinal cracks.

FL-776 Bridge

The FL-776 Bridge also had two parallel structures.
Each FL-776 structurc oconsisted of two simple skewed
spans with seven Type IV girders. Girder spans were
108.5 ft, and slabs spanned transversely approxi-
mately 4.5 ft between girders. The test layout for
the FL-776 Bridge was similar to that described
above for the Peace River Bridge.

Test Loadings

Figure 2 shows the truck in position for one of the
hydraulic tests with the load in the center of a
panel. All figures that show transverse sections of
the bridge were drawn facing north. Figure 3 shows
the detailed plan location of the loadings. Figure
3a shows the positions of the hydraulic loadings.
Loads A, B, C, and D refer to different positions of
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the wheel plate (2), whose dimensions are shown in
Figure 3b. Two positions are shown for the gage
line. The primary gage line was in the longitudinal
center of the panel. In most cases the testing
pattern was load positions A, C, B, and D with the
gages located on the primary gage line. However,
for a few of the tests, the test gages were moved to
a secondary position 6 in north of the end of the
panel and tests C and D were performed for the gages
on the adjacent panel.

The hydraulic loads were applied in 8-kip incre-

.

\
Figure 2. Schematic of field test arrangement for Peace River Bridge.
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ments up to a maximum load of 32 kips, which is
approximately 1.5 times the AASHTO HS-20 design
wheel load of 16 kips with an impact factor of 0.3.
The hydraulic load was applied by jacking against
the water tanker. The jack was centered over the
wheel plate and located with respect to the truck
axles as shown in Figure 34.

Figure 3c shows the location of the axle loads
for the static and dynamic truck tests. For each
static truck test, the three axles were each sepa-
rately placed over the gage lines. The symbols TA,

TRAILER

o - HYDRAULIC JACK

|

S |

I

Figure 3. Plan location of loads.
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Figure 4. Location plan of gages for span 11R of Peace River Bridge.
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and TC refer to three different orientations of
the truck wheels. The arrow shows the direction in
which the truck was facing. In the dynamic tests,
the transverse position of the wheels was the same
as in the corresponding static tests (as closely as
could be maintained) and the truck was driven over
the bridge at speeds ranging from 5 to 40 mph.

TB,

Deflection Gage Locations

Figure 4 shows Lthe plan location of the gage lincs
for one span of the Peace River Bridge. Deflections
were measured by a series of linear variable differ-
ential transformers (LVDTs) located on the gage
lines previously discussed. An LVDT is an electri-
cal-mechanical transducer that produces an electri-
cal output proportional to the displacement of a
separate inner core. One end of a threaded rod
attached to the core was connected to a threaded
tube that was epoxied to a magnetic block. This
block was then attached magnetically to a steel
plate that had been epoxied to the bottom of the
bridge slab. The plastic LVDT holder was attached
to an aluminum bar that was held onto the gage
support beam by a C-clamp. Figure 5 shows a section
of the gages for the FL-776 Bridge as well as the
Peace River Bridge. Wooden end blocks were epoxied
to the sides of the prestressed girders. The wooden
gage support beams were then connected to the end
blocks by dowels. One end of each gage support beam
had a circular hole and the other end was slotted.
With this configuration, the gage support beams
would not restrain the movement of the girders and
should have moved as a rigid body during
ing. The gage support beams were made out of ply-
wood and could be adjusted in length to accommodate

the test-

O = Test Core #

minor variations in girder spacing.

Gages 1-10 were supported on the gage support
beams under the bridge deck. Gages 11 and 12 were
supported by a wooden fixture over the girder on top
of the deck. The two top gages were located approxi-
mately 2 in on either side of the longitudinal crack
that ran close to the edge of the girder. The dif-
ference in deflection between gages 11 and 12 was
therefore a measure of the deformation at the end of
the panel.

Strain Gage Locations

Strain gages were also used in some tests and were
located along the same gage 1line as the LVDTs.
Figure 6 shows the locations of the strain gages in
relation to the girders and the LVDT gages. No
strain readings were made on the FL-776 Bridge.

Ground Reference Tests

Due to the large number of spans tested and their
precarious locations (generally over water or high
above the ground), it was felt that the deflections
of the slab relative to the girder would be easier
to obtain than absolute deflections measured from
the ground. However, some measurements were ob-
tained with LVDT gages attached to scaffolding
supported on the ground as means of referring rela-
tive measurements to absolute deformations.

Data Acquisition System

The 3052A data acquisition
Hewlett Packard consists of
troller, a 3495A multiplexer,

system manufactured by
a 9825A system con-
a 3497A system volt-
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Figure 5. Location of LVDT gages.
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meter, and a 9871A printer-plotter. The 98257
system controller is a 23K desk-top computer that
controls and services all peripherals through the
HP-IB interface bus. A cassette tape unit and a
small thermal printer are built into the 9825A. The
3495A multiplexer is a high-speed scanning device
capable of a switching rate of 1000 channels/s. All
transducer output signals are received by the 3495A,
which relays them to the 3497A voltmeter. The 3497A
is a 3.5-digit voltmeter that converts analog sig-
nals to digital signals. These signals are then
transmitted through the HP-IB to the 9825A for
storage and/or reduction. With the 9871A printer-
plotter, hard copies of raw or reduced data are
obtainable.

Displacements were measured by using Schaevitz

é LVDT GAGE #

A STRAIN GAGE #

LVDTs. Input to the LVDTs consisted of an excita-
tion of %15 V direct current and a common tied to
the ground of the LVDT output signal. The output
signals were passed through lowpass filters to
reduce noise and alternating current spikes. Each
filter consisted of a parallel circuit of two 100-MF
capacitors and one 5000-ohm resistor. Each LVDT
core was attached to one end of an 8-in-long stain-
less steel rod. Both input and output cables were
approximately 50 ft in length. The input (excita-
tion) cables were three-conductor, 22-gage telephone
cables. Output cables were two-conductor, 24-gage
microphone cables.

Strains were monitored with either a two-channel
Hewlett-Packard 7404A strip chart oscillographic
recorder or a BLH 1200B portable strain indicator
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Figure 7. Finite element model.
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and its accompanying switching and balancing unit
(model 1225). A Wheatstone Bridge configuration was
used for every active gage with temperature-compen-—
sating gages attached to a concrete cylinder main-
tained under similar environmental conditions as the
active gages.

EVALUATION OF FIELD TESTS

Load~Deflection Plots of Hydraulic Tests

Automatic load-deflection plots of all gages for the
hydraulic loading tests were made at a small scale
to see whether the response to the hydraulic loads
was generally linear and to spot any obvious mal-
functioning gages. The majority of the load-deflec-
tion plots indicated quite linear response.

Transverse Deflection and Moment Profiles

Finite Element Model

In order to have a reference against which to com-
pare the observed data, finite element models were
made of the bridges. A given span was modeled as a
collection of plate bending and grid (beamlike)
elements.

Figure 7 shows a portion of the model for the
Peace River Bridge. The pairs of 8-in-wide elements
are used over the width of the top flange of the
girders. The full model (not shown) has all five
girders and a total of 832 plate bending elements.
The wider elements were used to represent the slab
(precast panel and cast-in-place topping) between
girders. An average value of the modulus of elas-
ticity was used for all elements (§).

Grid Elements

When the hydraulic load was applied down onto the
deck, the reaction to that load was developed by a
decrease in the loads on the wheels of the water
tanker. These decreases in the wheel loads repre-
sent upward loads on the finite element models and
were computed by assuming that the trailer acted
like a simple beam with supports at the drive wheels
and the rear wheels of the trailer unit. This
procedure was used because the gages were "zeroed"
with the truck in position prior to the application
of the hydraulic loads. Because the nearest wheel
was approximately 11 ft from the hydraulic load; the
upward wheel loads would have almost no effect on
the deflections measured relative to the girders but
would appreciably affect the absolute deflections of
the finite element models.

The thickness of the elements in the vicinity of
the girder was increased to account for the tor-
sional stiffness of the girder. This also gives
extremely stiff elements (little bending deforma-
tion) across the width of the girder. The sum of
the moments of inertia of these thickened elements
was still below that of the composite girder and
slab. Therefore, grid elements were added along the
centerline of the girder with moment of inertia such
that the combined moment of inertia of the thickened
plate and grid elements was equal to that of the
composite girder and slab. Grid elements were also
used for the diaphragms. If the precast panels and
cast-in-place topping were acting as one integral
unit, it was felt that the observed results would be
in close agreement with those predicted by this
finite element model.

When it became apparent that the observed deflec-
tions were larger than those from the finite element
model and that the field results were indicating
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much smaller negative moment than that predicted by
the model, a new reduced-thickness model was devel-
oped to include the effect of a discontinuity at the
ends of the panels. The thickness of the plate
elements in the girder region was reduced to 4 in,
the thickness of the cast-in-place topping. Both
the torsional stiffness and the moment of inertia of
the grid elements were increased to the values for
the composite girder.

This reduced-thickness (thin element) model
clearly does not represent the exact conditions in
the deck if bond is lost at the end of the panel. It
should not be expected that this thin element model
could be used to study the detailed behavior of the
joint. It does, however, give deflections and
moments that are very close to those observed in the
field. This close correspondence is used as sub-
stantial evidence that the moments are quite small
at the edges of the girder.

Reduction of Field Deflections

Most of the field deflection measurements were made
from gages supported on the girders. Thus, these
deflections are the deflections of the slab relative
to the girder. To make the visual comparison of the
theoretical and experimental deflections easier, the
theoretical girder deflections were added to the
field deflections. Figure 7 shows how this was
done. The gage support beam is shown as a dashed
line. The deflections from the gage support beam
(Y,) are added to the deflections of the gage
support beam at the proper point along the axis. The
solid line represents the deflected shape of the
slab as predicted by the finite element solution,
and the + signs and the dashed 1line represent the
deflected shape observed in the field.

Computation of Experimental Moments

The bending moments in the slab were computed by two
procedures outlined by Callis, Fagundo, and Hays
(6). First, the deflections along transverse gage
lines were numerically differentiated by using the
finite difference technique. Second, the measured
strains were used to compute the bending moments by
assuming linearly elastic response and the flexural
stress formula to be valid.

Comparisons of Finite Element Model and Experimental
Data

Figure 8 shows the type of behavior exhibited by
most of the hydraulic tests of the Peace River
Bridge. The analysis made by using the full-conti-
nuity model indicates both smaller deflections and
positive moments than that based on the field data.
Figure 9 shows the same field data as Figure 8 but
in comparison with the thin element model. Clearly,
the correlation between the model and the experimen-
tal data is quite good. This type of behavior
indicates that the panels are approaching a simply
supported condition.

Figure 10 shows results for a test that had
strain gage data as well as deflection data. The
correlation between the computed moments based on
displacement data and those based on strain gage
data is quite good.

Tests for the FL-776 Bridge (6) showed larger
negative moments near the face of the girder, which
indicated that this bridge was behaving more like a
continuous deck.

Comparison of static truck tests generally showed
better agreement between the continuous solution and
the experimental than did the hydraulic tests. This
was probably due to the fact that in the truck test
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the double wheels spread out the load more than did
the single-wheel plate used for the hydraulic tests.

Joint Deformations

Gages 11 and 12 (Figure 5) were mounted on top of
the deck directly above the girder and approximately
2 in on either side of the longitudinal crack near
the end of a panel. The difference in deflection
(A) between gages 11 and 12 is a good measure of
the deformation at the ends of the panel. Because A
and B tests generally gave about equal magnitudes of
A (~0.0012-in slip for a 32-kip load), the
deformation must be a combination of shearing and
flexural deformations. The flexural deformations in
this short 4-in length are probably due to the
hinging action at the ends of the panels.

The panels on the Peace River Bridge that were
retested after being grouted showed smaller joint
deformations than in the original tests. The A
tests that were repeated showed a 28 percent reduc-
tion, and the B tests that were repeated showed a 42
percent reduction. A reasonable conclusion would be
that the grouting eliminated essentially all of the
joint shearing deformation and had little effect on
the flexural deformation, The joint deformations
were smaller for spans 31 and 32, which had the
extra reinforcement in the cast-in-place topping.
Span 31, which had the extra transverse reinforce-
ment, exhibited less joint deformation for the B
load, whereas span 32 with the extra longitudinal
steel showed a decrease for the A and A + 30 loads.
Both of these reductions in joint deformations are
encouraging.

CREEP AND SHRINKAGE STUDIES
PCA Method

Precast, prestressed girders are sometimes used to
make continuous bridges. The continuity is achieved
by supporting simple-span girders on piers, adding
continuity steel at the piers, and pouring the deck
concrete compositely with the girders. The system
then acts continuously to support live load. The
major portion of the continuity steel is for nega-
tive moment at the piers. However, some positive
moment steel is added for 1live load on adjacent
spans and the effects of creep and shrinkage. a
Portland Cement Association (PCA) publication (7)
has been used to design this positive moment rein-
forcement.

Calculations based on the PCA method (6) indi-
cated that initially high tension stresses would
develop on top of the deck due to shrinkage and
would be sufficient to cause cracking either by
themselves or in conjunction with load stresses;
then, with time, creep in the panels due to pre-
stress would cause a separation of the end of the
panel from the cast-in-place concrete.

Core Specimens

Several cores were taken from the Peace River Bridge
for the purpose of examining the interface between
the ends of the prestressed panels and the cast-in-
place topping. Prior to these coring operations,
epoxy grout was pumped into the cracks around the
coring 1locations by a contractor selected by the
Florida DOT. This was done in an attempt to prevent
the coring operation from possibly increasing the
panel-topping interface separation. After the cores
had been examined and photographed, two cores were
sawn apart along the transverse panel-topping inter-
face so that the effectiveness of the grouting
operation could be examined. Neither of these two
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cores showed much grout penetration into the inter-
face region. However, several of the other cores
showed that the grout reached the interface and in a
few instances completely filled up the crack. The

Figure 8. Deflection and moment profiles from test S6.
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separation at the ends of the panel was approxi-
mately the same for the cores with epoxy penetration
as for those without penetration. In addition, cores
taken at the ends of the panels from a laboratory
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Figure 10. Deflection and moment profiles from test S101.
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specimen (6) did not exhibit any separation in spite
of the coring operation, which was similar to the
field coring procedure except that no epoxy grouting
was done. Thus, it is felt that the coring opera-
tion does not significantly affect the separation of
the panel-topping interface. It should also be
noted that the bottom portions of the cores com-
pletely separated once the topping was sawed off,
which indicated very little bond on the end of the
panels.

The photograph at the top of Figure 11 shows core
1. The separation at the end of the panel is about
0.01 in. The lower photograph shows core 3, which
had essentially full penetration by the epoxy grout.
The thickness of the epoxy appears to be about 0.01
in. The thicknesses of the topping of cores 1 and 3
are only 3.5 and 3.25 in, respectively. However, all
of the other cores taken from the Peace River Bridge
had at least a 4-in topping. It should also be noted
that both cores 1 and 3 had hairline cracks extend-
ing about 1 in up the panel-topping interface. The
fact that these cracks passed through both paste and
aggregate indicated that the crack occurred after
the topping had cured.

SUMMARY

An investigation of the Peace River Bridge was
conducted in response to reports of extensive crack-
ing in the deck of the facility. This investigation
involved testing of the Peace River Bridge and a
nearby structure, analytic modeling using the finite
element method, and limited laboratory testing of

"beam" specimens constructed with panels similar to
those used in the Peace River Bridge. Close co-
operation between the University of Florida and
Florida DOT personnel was maintained throughout the
investigation.

The investigation clearly indicates that the
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behavior of the Peace River Bridge deck is more like
that of simple spans than that of continuous ones.
This behavior is indicated by comparisons of the
field tests and predictions made by using finite
element models.

The lack of continuity causes positive flexural
stresses near midpanel that are higher than for
conventional decks. Analyses indicate, however,
that these stresses are within allowable 1limits.
Consequently, this effect of the loss of continuity
is not serious. Unfortunately, the loss of bond at
the ends of the panels and the corresponding separa-
tion of the ends of the panels from the cast-in-
place concrete over the girders mean that the shear
(in the deck at the face of the girder) must be
carried essentially by the cast-in-place topping.
This separation has been confirmed by cores taken
from the Peace River Bridge and a comparison of the
joint deformations measured in the field with the
joint deformations of a laboratory specimen (6) that
had an artificial bond breaker inserted at the end
of the panel.

Creep and shrinkage studies indicate that the
most probable cause of the separation of the ends of
the panels and the cast—in-place concrete is creep
of the panels under the action of the prestress.

The decks that had more transverse and longitudi-
nal steel in the topping concrete than the normal
decks exhibited both smaller overall deflections and
smaller joint deformations than the decks that had
regular reinforcement. This reduction could indi-
cate that the separation of the ends of the panels
from the cast-in-place concrete has been diminished
and consequently the shear fatigue life would be
improved. It is not felt, however, that extra
reinforcement is a satisfactory substitute for
positive bearing at the ends of the panels.

It appears, based on the relatively few tests of
the FL-776 bridge, that this bridge deck slab was
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Figure 11. Peace River cores: (top) core 1 and (bottom) core 3.

acting more like a continuous system than the Peace
River Bridge deck slab. Because the amount of
separation at the ends of the panels is a function
of the panel length, the more continuous behavior of
the FL-776 bridge is at least partly due to its
shorter panel length. Shorter panels are likely to
have less prestressing and thus 1less creep than
longer ones. It is very difficult to predict
whether this higher degree of continuity will be
maintained for the FL-776 facility, particularly
since under some load conditions positive moments
will be developed at the ends of the panels. How-
ever, it appears that panel bridges with deck spans
shorter than that of the Peace River Bridge will
probably have longer fatigue lives.

CONCLUSIONS

The following conclusions have been made based on
the research presented in this paper:

1. The two decks in their present cracked condi-
tion are structurally adequate to carry normal
traffic. In spite of the simple action of the
decks, flexural stresses are not excessive.

2, The shear stresses in the Peace River Bridge
are substantially higher than those of conventional
bridge decks or panel bridges with positive bearing
at the ends of the panels. Because of this, the
fatigue 1life of the Peace River Bridge deck is
substantially less than that of conventional bridge
decks or panel bridges with positive bearing at the
ends of the panels. However, studies are under way

Transportation Research Record 903

that involve extensive field coring of bridges built
with details similar to the Peace River facility and
laboratory testing to destruction of wide deck
specimens. Preliminary studies of this work indi-
cate that, although panel bridges built without
positive bearing may exhibit increased cracking and
some spalling with time, the punching shear strength
is sufficient to prevent structural shear fatigue
failures under normal traffic loads.

3. The observed cracking on the top of the deck
is probably primarily due to volume changes brought
about by differential shrinkage between the panels
and the cast-in-place topping. However, temperature
changes and 1live load stresses certainly increase
the tensile stresses and the degree of cracking.

4. RAdding extra transverse or longitudinal steel
is not felt to be sufficient to ensure adequate
fatigue life of panel bridges.

5. Removing the fiberboard and replacing it with
mortar would greatly increase the fatigue 1life
expectancy of the Peace River Bridge. Whether this
action is economically justifiable depends on fur-
ther studies of the shear fatigue behavior of the
bridge under way at the University of Florida.

6. Future panel construction projects should
include a detail that provides positive bearing for
the panels. Strand extensions may also be useful.
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Performance of Full-Span Panel-Form Bridges

Under Repetitive Loading

C. DALE BUCKNER AND H.T. TURNER

An experimental program to determine the effects of repetitive loading on the
serviceability and strength of composite panel form bridges is described. Six
simply supported bridge decks were tested. The specimens consisted of three
precast, pretensioned panels spanning in the direction of traffic and composite

with a cast-in-place topping slab. Bond between the topping slab and the rough-

ened interface surfaces of the panels provided the only means of shear connec-
tion. ltems considered in the study include the topping slab thickness, panel
joint type (flat or beveled-edge), and the effect of longitudinal eracks in the
topping slab. The specimens were loaded repetitively with 2 million cycles of
design load (HS20-44 axle load with allowance for impact). The loading ar-
rangement was such that maximum transverse shear and longitudinal bending
stresses were produced during each cycle. Performance was evaluated primarily
on the basis of flexural rigidity, differential deflection between panels, and the
strength and ductility of the composite system. Several states have constructed
bridges by using precast panels as full-span stay-in-place forms. Many of these
bridges have developed longitudinal cracks in the topping slab over the panel
joints. The study indicates that cracks of this type do not have a detrimental
effect on the strength and serviceability of the bridge deck for the expected
repetitive loading.

The number of highway bridges in the United States
currently in need of replacement has been estimated
to be in the tens of thousands. This need, coupled
with increasing construction costs, has intensified
the search for more economical bridge systems.

One recent development in bridge construction is
the use of precast panels as stay-in-place forms for
the bridge deck. Most of the applications of these
panels have been for short spans in which the panels
span transverse to the roadway and are supported by
the girders. The panels serve initially to support
the weight of a cast-in-place topping slab. After
the slab hardens, the panels act compositely with it
to resist traffic loads. Adequate performance of
this system has been demonstrated in several re-
search programs and by approximately 20 years of use
in actual bridges (1).

Tests of short-span precast-form panels for use
in highway bridge decks have been conducted in Flor-
ida (2), Pennsylvania (3), and Texas (4). The re-
sults of these tests have been summarized in a
state-of-the-art report by Barker (5). Based on
these tests and the performance of panels in actual
bridges, design criteria were developed for stay-in-
place precast panels (5). These have been incorpo-
rated in the latest American Association of State
Highway and Transportation Officials (AASHTO) speci-
fications (6).

Based on the satisfactory performance of the
short-span stay~in-place panels, at least two
states, Florida and Louisiana, have constructed
bridges by using precast panels as full-span stay-
in-place forms. These bridges are constructed with
the panels spanning parallel to traffic and sup-
ported either by abutments or pile bents.

Many of the bridges built in this way have de-
veloped cracks in the topping slab approximately
over the 1longitudinal joint between panels. These
cracks are believed to be initiated by stresses in-
duced by the drying shrinkage of the topping slab.
Cracks of this type were detected in bridges built
in Louisiana shortly after they were opened to traf-
fic, and similar cracks have been documented for
several recently constructed bridges in Florida (7).

Hays, Cox, and Obranic (7) have performed exten-
sive numerical and experimental studies of the
static behavior of full-span panel-form bridges.

These studies involved both prototype bridges, which
had been in service for periods of up to three
years, and half-scale laboratory specimens. Both
flat and ribbed form panels were considered in the
studies.

It was concluded from these studies that the
AASHTO effective width criterion for a one-way slab
provides a reasonable and conservative estimate of
the effective width of the composite panel-form
deck. Finite element studies were performed that
indicated that transverse bending moments caused
tension in the bottom of the cast-in-place topping
and predicted better performance from the ribbed
than from flat panel decks. The authors recommended
a panel that would result in a thickened topping
slab with supplementary U-bar reinforcement over the
joints between panels.

The formation of cracks in the topping slab so
soon after the bridges were built has caused concern
among some bridge designers. They perceive a need
to verify and refine the design criteria for the
full-span panel-form bridges under controlled labo-
ratory conditions. The experimental program de-
scribed in this paper was performed to fulfill these
objectives.

The program involved testing six simply supported
composite decks for 2 million cycles of service load
and following this with a test to failure. Loads
were applied so as to produce maximum transverse
shear stresses in the topping slab under an HS20-44
design load.

The items considered in the study included the
topping slab thickness, panel joint type (flat or
beveled), and the effect of longitudinal cracks in
the topping slab. Performance was evaluated pri-
marily on the basis of the flexural rigidity of the
deck, the differential deflection between adjacent
panels, and the strength and ductility of the com-
posite deck. Visible cracks in the concrete, slip
of prestressing strands, and strains in transverse
steel were also considered in evaluating the spec-
imens.

DESCRIPTION OF SPECIMENS

Six simply supported composite specimens were con-
structed. Each specimen had an overall thickness of
13 in, an overall width of 125 in, and a span length
of 20 ft.

The thicknesses of the precast panels and the
cast-in-place topping slab were varied, while a con-
stant overall thickness of 13 in was maintained.
One set of two specimens was constructed of panels
5.5 in thick with a complementary topping slab
thickness of 7.5 in. The 5.5-in thickness was es-
tablished as a lower bound for an unshored panel on
a 20-ft simple span. Two specimens were constructed
of 10-in-thick panels with 3-in topping slabs. The
3-in thickness was selected as a lower bound for the
topping slab to allow for a minimum cover of 2 in.
A slab of this thickness would probably not be con-
sidered a practical minimum when tolerances in pre-
cast dimensions and differential cambers are con-
sidered. It is believed that the satisfactory
behavior of the upper- and lower-bound thicknesses
will indicate satisfactory behavior for similarly
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Figure 1. Details of test specimens.
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designed specimens of intermediate thickness.

Two specimens with 8-in panel thickness and 5-in
topping were also tested. These specimens were used
to study the effect of longitudinal cracks in the
topping slab on the behavior of the composite decks.

For each set of specimens of a particular panel
thickness, one was constructed by using flat precast
panels and one had beveled edges, as shown in Figure
Ly It was thought that the composite decks con-
structed with beveled panels might perform better
than those with flat panels due to improved shear
transfer between panels.

Each specimen was constructed of three panels 3
ft, 5.5 in wide. One of the longitudinal joints be-
tween panels had a 0.5-in gap filled with fiberboard
to minimize shear transfer by friction and to allow
more freedom for transverse shrinkage. The other
joint was a tight butt Jjoint, which is the usual
construction procedure.

Details of the test specimens are shown in Figure
1. Test specimens are identified by a symbol of the
form F-nyj-ny; or B-nj-nj. The 1letters F and
B refer to flat and beveled panels, respectively;
n; is the overall panel thickness and njy is the
number of 0.5-in-diameter, 270-ksi strands per panel.

Design of Specimens

The test specimens were designed as a one-way slab
with an effective width for distribution of wheel
loads computed in accordance with the 1977 AASHTO
specifications (6). The design live load was the
HS20-44 highway loading. The effects of this load-
ing were increased by 30 percent to allow for im-
pact, in accordance with AASHTO.

Complete composite action was assumed between the
panels and the cast-in-place slab. Design was based
on normal-weight concrete with specified compressive
strengths of 5000 psi in the precast and 4200 psi in
the cast-in-place topping.
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The computed stresses in the specimen at various
loading stages are summarized in Table 1. These
stresses were computed based on the transformed con-
crete section but neglecting the transformed steel
areas. Sample calculations for these stresses are
inclnded in the final report of the stndy (8).

Manufacture of Precast Panels

The precast concrete panels were manufactured by
Biloxi Prestress Concrete Company of Biloxi, Missis-
sippi. The 1long-line production system was used
with all 8-strand panels cast on one line and all
10-strand panels cast on another.

The beveled edges of the B-series panels were
rough-shaped by using an appropriate screed@ and then
hand-floated to yield an acceptable shape. At the
approximate time of initial set, the top and beveled
surfaces of each panel were raked transversely to
depths of approximately 0.125 in.

The panels were steam-cured for 12 h, at which
time control cylinders indicated a compressive
strength in excess of 4000 psi. The panels were
stored at the prestress plant until the control
cylinders had reached a compressive strength in
excess of 5000 psi. The panels were then shipped to
Louisiana State University, unloaded, and stored
outside until they were moved inside the laboratory
for construction of the test specimens.

Construction of Specimens

The precast panels were moved into the laboratory
and set over concrete support beams as indicated in
Figure 1. After the panels had been placed and
aligned, the support beams were shimmed so that the
soffits of the panels were bearing accurately at 25
in above datum. The panels were cambered due to the
prestress force and therefore were 0.25-0.5 in
higher near midspan. Differential camber between
adjacent panels was less than 0.125 in in all spec-
imens.

Formwork for the cast-in-place topping slab was
then erected. The elevation of the formwork was
adjusted by shimming the base so that the top edge
was 38 in above datum. The top edge of the formwork
supported a steel angle that was used to screed the
concrete after it was placed.

Steel reinforcement for the topping slab was
placed and supported so that there was 2-in cover
from the top of the transverse steel to the top sur-
face. Lifting loops, which were embedded in the top
of the precast panels, were burned off to eliminate
mechanical shear connection between the precast and
cast-in-place concrete. Formwork and reinforcement
for a typical specimen are shown in Figure 2.

Approximately 15 min before concrete was to be
placed, the top of the panels was saturated with
water (water puddled in low spots and in scratch
marks on the panel). The panels were then air-
hlasted until all free water was removed. The sur-
face was still wet when concrete placement began.

Concrete was discharged directly from the truck
onto the panels and consolidated by vibration. The
top was screeded and finished with a float. The
specimen was then covered with polyethylene sheet
for curing.

Four of the specimens (B-5.5-10, B-10-8, F-5.5-
10, and F-10-8) were cured under plastic for seven
days and then exposed to air. None of these spec-
imens developed visible shrinkage cracks on the top
surface. The temperature and relative humidity of
the air in the vicinity of the specimen were re-
corded during the curing period by using a hygro-
thermograph. The mean and range of these values are
documented (8).
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Table 1. Summary of computed design stresses.
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At Transfer of Prestress?

Service Load (Dead + Live + Impact)

at Midspan®

Stress Range (Live +

2 ft from Ends At Midspan Impact) at Midspan (psi)
Stress (psi)

Prestress  Stress (psi) Prestress  Stress (psi) Prestress — Horizontal

Force Force Force Top Top Shear at Prestress
Specimen (kips) Bottom Top (kips) Bottom Top (kips) Bottom Panel  Slab Interface Strands
F-5.5-10 260 2132 142 261 1712 578 220 -319 1426 695 19 3700
B-5.5-10 259 2121 223 261 1701 701 220 ~-433 1676 695 19 3700
F-8-8 212 1541 -268 213 1256 28 176 -61 583 695 18 3700
B-8-8 212 1576 -297 213 1291 43 176 -116 750 695 18 3700
F-10-8 213 1377 -351 214 1147 -115 176 40 492 686 13 3700
B-10-8 212 1420 -437 213 1187 -141 176 13 584 686 13 3700

aAssuming strands initially stressed to 189 ksi and 24 h of relaxation prior to release.

Assuming total prestress loss of 45 ksi prior to placing tapping slab; based on gross transformed area of concrete.

Figure 2. Formwork and reinforcement for topping siab.

It was not practical to cure the specimens until
all potential drying shrinkage had occurred. Thus,
although there were no visible longitudinal cracks
of the type that have been primarily attributed to
shrinkage in prototype bridges, there is no assur-
ance that such cracks would not have occurred in the
specimens eventually.

As a measure of potential shrinkage, three
volume-change prisms, conforming to ASTM C341, were
cast for each specimen. These prisms were cured
with the specimen and used to measure the unre-
strained drying shrinkage that occurred during the
curing period. The measurements indicated shrinkage
at time of test of about one-half the ultimate value
expected for the class of concrete.

Two of the specimens (B-8-8 and F-8-8) were cured
under plastic for only 48 h and then exposed to
air. The shorter curing time was intended to simu-
late the relatively poor curing conditions that are
likely to occur in real bridges. In each of these
specimens a longitudinal crack was induced in the
topping slab approximately over the joint that con-
tained the 0.5-in-wide fiberboard-filled gap. This
crack was induced by holding down the outside edge
of the deck and jacking up on the panel soffit along
the joint. This produced a fine flexural crack that
was visible in the top surface along the entire
length of the deck. A chalk line was snapped on the
top surface above the longitudinal joint. The crack
meandered across this line several times and devi-
ated from the line by less than 2 in at all points.

Six locations, at approximately 3-ft intervals
along the crack, were monitored for crack width
growth. Locations were selected where the crack

approximately paralleled the chalk line. The width
was measured by using a direct reading microscope
graduated to 0.01 mm.

Material Properties

The materials used in the test decks were specified
to conform to the standard specifications of the
Louisiana Department of Transportation and Develop-
ment (9).

The concrete in the precast panels was specified
as air-entrained, normal weight, with minimum cement
content of 6.5 sacks/yd?, compressive strength of
5000 psi, and air content in the range of 3-7 per-
cent by volume. The concrete was placed with a
slump of approximately 3 in. Twenty-one 6-in-
diameter by 12-in cylinders were cast with the
panels. Three of these were cured under standard
conditions and tested at age 28 days. The remaining
cylinders were cured with the panels and tested on
the day that the topping slab was cast.

The concrete for the cast-in-place topping slab
was air-entrained, of normal weight, with specified
cement content of 6.5 sacks/yd?, compressive
strength of 4200 psi, and air content 3-7 percent by
volume. The concrete was placed with a slump of 3-5
in., Nine 6-in-diameter by 12~in cylinders and three
3x3x11l-in volume-change prisms were cast with each

pour. Three of the cylinders were cured under
standard conditions and tested at age 28 days. Six
of the cylinders were cured with the deck. Three of

these were tested on the day that repetitive loading
began, and three were tested on the day that ulti-
mate loading was performed. The results of the
tests for both the panels and the topping slab are
summarized in the study final report (8).

The prestressing strand was specified to be 0.5-
in-diameter, uncoated, seven-wire strand conforming
to ASTM A416 Grade 270K. Mild steel reinforcement
was specified as ASTM RA615 Grade 60K.

EXPERIMENTAL PROGRAM

The test specimens were loaded 2 million times with
a cyclic load to simulate the stresses expected dur-
ing the life of an actual bridge. The performance
criteria used to evaluate the deck were the flexural
rigidity of the composite unit, the differential
deflection between adjacent precast panels, strains
in transverse reinforcing bars, slip of the pre-
stressing strands, visible cracks in the concrete,
and the strength and ductility of the composite deck.

Loading Arrangement

In most previous studies that have involved repeti-
tive loads on simple-span bridges, the loads have
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Figure 3. Test equipment. l"
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been applied as a series of concentrated loads posi-
tioned to approximate the moment envelope. Because
a primary consideration in this study is the shear
transfer across the joint between panels, it was
decided that a better loading arrangement would be a
single concentrated load applied at midspan. This
arrangement creates maximum shear stress at the
longitudinal joint and maximum bending stress at the
critical (midspan) section during each cycle.

The load was applied by an actuator controlled by
an Instron Series 2150 servohydraulic system. The
concentrated load was spread into two "wheel" loads
and applied to the slab through 1l-in-thick neoprene
bearing pads that were sized and positioned to simu-
late tire prints. The arrangement for the 1loading
is shown in Figure 3.

With the load applied through the spreader beam,
approximately one-third of a wheel load is trans-
ferred across each longitudinal Jjoint into the
middle panel., This yields a reasonable approxima-
tion to the maximum shear transfer that would occur
in an actual bridge.

Instrumentation

Vertical deflections were measured at transverse
sections located 2 ft on each side of the span cen-
terline, as indicated in Figure 3. Four Schaevitz
linear variable differential transformers (LVDTs)
with a range of *1 in were positioned at each
transverse section. Data from the LVDT units were
recorded with the aid of a multichannel data logger.

Strain gages were mounted in a half-bridge on two
transverse bars in each cast-in-place topping slab.
The active bridge arms were approximately over the
longitudinal joints between the precast sections.
The bars were approximately above the location where
the LVDTs were mounted. Strain readings were ob-
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tained with the aid of a Vishay-Ellis switch and
balance unit with a digital indicator.

Strand slip was measured by using a caliper with
dial gage graduated to 0.001 in. Metal tabs were
epoxied to the strands and to the end of the panel
approximately 0.5 in above the strand to serve as
reference points for these measurements. Two
strands on each end of every panel were monitored in
this fashion.

Test Procedure

Application of repetitive loads began when the con-
crete in the topping slab had reached an age of 32
days. The design load, including the allowance for
impact, is 41.6 kips. The spreader beam and bearing
blocks produced a tare of approximately 1.5 kips.
To prevent separation between the actuator and the
bearing block, an additional 1.5-kip load was main-
tained; thus, the repetitive load was varied between
3 and 41.6 kips. The repetitive load was applied at
a rate of 500 000 cycles per 48 h (2.89 Hz). This
rate was such that dynamlic stresses were negligible,
and it ylelded a convenient stopping time for inter-
mediate static tests that were performed after each
500 000 cycles.

Initial measurement of strand slip and crack
width (when applicable) and initial readings of the
LVDTs and strain gages were taken with only the tare
on the specimen. The specimen was then loaded stat-
ically to the full design load, and the measurements
were repeated at  that load. Intermediate static
tests were performed in the same manner as the ini-
tial static test except that strand slip was not
measured until the final test after 2 million
cycles. These tests required approximately 10 min,
after which the repetitive loading was resumed. 1In
two of the specimens, F-5.5-10 and B-8-8, equipment
breakdowns caused an interruption in the repetitive
loading. For specimen F-5.5-10, this interruption
occurred after approximately 1.3 million cycles were
applied and lasted for two days; for specimen B-8-8,
it occurred after approximately 1.8 million cycles
and lasted for three days. Otherwise, the repeti-
tive loading was applied continuously except for the
brief interruptions for the static tests.

The specimen was then loaded to failure. This
loading was applied in increments of 10 kips but was
reduced to 5-kip increments near ultimate. The LVDT
readings were recorded after each load increment.

TEST RESULTS

The measured structural performance of the composite
decks was satisfactory in all six specimens tested.
There was no evidence of fatigue in either concrete
or reinforcement or of deterioration of composite
action, shear transfer strength, or bond during the
cyclic loading. Generally, the LVDT readings indi-
cated a slight increase 1in panel stiffness during
the test period. This increase can be attributed to
the small increase in mudulus of elasticity of the
concrete due to cement hydration during this period.

The specimens were loaded to failure after 2 mil-
lion cycles of design load. Primary failure in
every specimen was in flexure by yielding of the
reinforcement. Secondary failures were either by
crushing of concrete or in a shear mode. The mea-
sured loads at secondary failure were in all cases
above the computed ultimate load and occurred after
the specimen had demonstrated adequate ductility.

The behavior of the test specimens and the analy-
sis of the test data are described below.

Primary Performance Criteria

The performance of the test specimens was evaluated
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Table 2. Deflection readings at LVDT locations.
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Avg Initial Avg Deflection/Avg Initial Deflection by No. of Cycles Maximum Ratio Differential Deflections by No. of Cycles

Deflection C
Specimen (in) 0.5x10° 1x106 1.5x10® 2x10° 0 0.5x108 1x108 1.5x108 2x108
B-5.5-10 0.0739 0.995 0.980 0.946 0.946 1.08 1.08 1.08 1.08 1.07
F-5.5-10 0.0682 0.970 0.994 N.A. 0.990 1.04 1.03 1.04 N.A. 1.06
B-8-8 0.0926 0.975 0.966 0.966 0.950 1.02 1.02 1.03 1.03 1.03
F-8-8 0.0842 1.000 1.002 1.003 1.017 1.02 1.02 1.02 1.02 1.02
B-10-8 0.0780 0.949 0.933 0.932 0.946 1.02 1.03 1.02 1.03 1.04
F-10-8 0.0746 1.005 0.996 1.006 0.998 1.04 1.0 1.02 1.03 1.04

Table 3. Moment strength and cracking load of composite deck.

Moment Strength (kip-ft)

Age of Precast Computed Loss

— - Cracking Load (kips)

at Time of of Prestress Computed Experimental
Specimen Test (days) (ksi) (Mp) (My) My /M, Computed Experimental
B-10-8 99 333 856 957 112 79.2 1255
B-5.5-10 127 42.1 1012 1213 1.20 54.8 87.5
F-5.5-10 160 43.1 1010 1130 1.12 61.4 118.2
F-10-8 194 35.7 860 886 1.03 81.7 113.5
B-8-8 243 38.2 884 992 1.12 72.9 103.5
F-8-8 242 38.4 886 942 1.06 76.6 110.8

primarily on the basis of flexural rigidity, dif-
ferential deflection between panels, and moment
strength and ductility of the composite deck. The
computed flexural rigidities of the composite speci-
mens, based on linear elastic theory for an un-
cracked section, are 2.06-3.80 times larger than for
their cast-in-place topping and precast panels act-
ing noncompositely. Because the deflection of the
deck is inversely proportional to its flexural ri-
gidity, the measured deflection is a sensitive indi-
cation of deterioration of composite action. The
deflections of the deck at locations 2 ft to either
side of midspan are tabulated in Table 2. These de-
flections are essentially the same at the end of 2
million load applications as at the beginning, which
indicates that there was no significant loss of com-
posite action.

The differential deflection between adjacent
panels is a measure of shear transfer across the
longitudinal joint. If there were a differential
deflection between panels, then one panel would have
to resist a larger proportion of load and hence be
subjected to larger bending stress than was assumed
in the design.

The differential deflection readings after each
stage of cyclic loading are summarized in Table 2,
where comparison is made on the basis of the ratio
of larger to smaller adjacent deflections. These
data indicate a maximum value of this ratio of
1.08. By a simple elastic analysis, if the panels
resist an equal share of load when their deflections
are equal, when the deflection ratio is 1.08 the
share of load resisted by the more severely stressed
pPanel would be increased about 4 percent. This com-
puted increase is not considered significant. Thus,
the measured differential deflections indicate sat-
isfactory shear transfer behavior for all specimens
under the cyclic loading.

The moment strength and ductility of the deck
provide vital measures of endurance under the cyclic
loads. To alleviate stress concentrations at the
supports, the precast panels were supported at both
ends by neoprene bearing pads measuring 0.5 in by 4
in by 10 ft, 5 in. The pads restrain horizontal
movement and create a horizontal thrust that was
believed to be negligible under service loads but
significant at loads near ultimate. To account for

this thrust, the shear stiffness of the support pads
was determined and the soffit chord extension was
measured as the specimen was loaded to failure.
These values, together with the measured applied
load and deflections, were used to determine the
bending moment at the critical midspan section and
are given in Table 3.

The moment strength of the deck was computed
based on generally accepted assumptions of the
strength design method (10). The stress-strain re-
lation for the prestressing steel was furnished by
the manufacturer. The compressive strength of the
concrete was taken as the average cylinder strength
of concrete in the cast-in-place deck at the time of
test. The effective stress in the prestressing
steel was estimated by the general method recom-
mended by the Prestressed Concrete Institute (PCI)
Committee on Prestress Loss (ll). The stress in the
prestress strands at ultimate was computed by a
trial-and-error procedure by using the appropriate
strain-compatibility and equilibrium equations.

The computed and experimental moment strengths of
all specimens are given in Table 3. 1In every case,
the experimentally determined moment is larger than
the computed moment strength.

A typical load-deflection curve for one of the
specimens is plotted in Figure 4. For comparison
all of the curves are shown superimposed in Figure
5. These curves indicate that primary failure oc-
curred in each specimen in flexure and that the
specimens exhibited adequate ductility prior to
secondary failure.

Secondary failure of specimens B-10-8, B-5.5-10,
F-5.5-10, and B-8-8 occurred by crushing of the con-
crete at midspan. Secondary failure in specimen
F-10-8 was by shear transfer in the 3-in-thick top-
ping slab. Inspection of the topping slab after
secondary failure indicated that a vertical crack
had formed over the 1longitudinal joint and a
U-shaped dlagonal crack around the load point. The
cracks in this region indicated both direct shear
and diagonal tension failure.

The fallure load for F-10-8 was 168 kips, which
corresponds to a wheel load of 84 kips--5.25 times
the design load of 16 kips. This indicates that an
uncracked topping slab of the thinnest feasible size
has adequate shear transfer strength for an HS20-44
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Figure 4. Typical load-deflection curve for specimen B-8-8.

240 I-
Pu=1883
180 | .’—A’m_,__‘a—--‘—' =
"
a
<
Z 120k
[m]
<
c
|
60 -
1 1 — 1 A
5 1.0 15 20 25
MIDSPAN DEFLECTION ( In.)
Figure 5. Load-deflection curves for all specimens.
240
B-55-10
F-55-10
180 - 8-8-8
——————Fgl———6-10-8
. +-10-8
[
2
x
o leor
=3
o
-~
60 [~
L L L 1 J
i 1L.O 1.5 20 25
MIDSPAN DEFLECTION (in.)
loading. However, it should be noted that a preex-

isting crack across a shear transfer plane, such as
can be caused by shrinkage in an actual deck, has
been shown to significantly reduce the shear trans-
fer strength (12).

Specimen F-8-8, which had a 5-in topping slab and
an induced longitudinal crack over a panel joint,
failed at a measured load of 179.6 kips. This indi-
cates that a 5-in topping slab, when transversely
reinforced with pfy = 200 psi, has adeguate shear
transfer strength even across a preexisting crack.
Secondary failure of this specimen occurred in hori-
zontal shear on the exterior panel of one quadrant.

In a sense, the behavior of specimens B-10-8 and
B-8-8 was better than that of the companion speci-
mens F-10-8 and F-8-8 because secondary failures oc-
curred at larger loads and deflections in these
specimens. However, since all specimens developed
resisting moments in excess of their computed capac-
ities and demonstrated adequate ductility prior to
secondary failure, the behavior of all specimens is
considered adequate.

Additional Performance Criteria

The flexural cracking load, visible cracks in the
specimen, slip of the prestressing strands, and
strains in several transverse rebars were recorded
for each specimen.

The cracking load is defined as the load at which
the first flexural crack was observed in the exte-
rior side of the specimen. This load was in every
case more than 40 percent greater than the computed
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Figure 6. Visible top surface cracks after repetitive loading.
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cracking load when based on a modulus of rupture of

Tx5 /f_g and on the effective prestress and concrete
strength at time of test. The discrepancy between
computed and observed values can be partly attrib-
uted to the simplifications made in computing the
cracking moment. Another likely factor is that vi-
sual observation was limited to the exterior edges
of panels. The first cracks very likely occurred in
the interior. The cracking load was not considered
an important indication of performance in this test.

Visible cracks provided information that was use-
ful in explaining failure modes and certain aberra-
tions in the load-deflection curves for the speci-
mens. The only visible cracks in the top surface of
the topping slabs after 2 million cycles of design
load were in specimens B-8-8 and F-8-8. One of the
cracks was the induced longitudinal crack that was
discussed earlier in this paper. The other cracks
are believed to have been caused by shrinkage. The
approximate locations of visible cracks are shown in
Figure 6.

The longitudinal cracks were measured shortly
after they were induced and periodically during the
curing and loading periods. 1In both specimens they
were found to widen about 0.05 mm during the curing
period, but there was no measurable increase in
width during the cyclic load period.

The transverse cracks had a significant effect on
the stiffness of the decks in the service load
range, as can be seen from the data given in Table
2. The service load deflections in specimens B-8-8
and F-8-8 are approximately one-quarter greater than
in the specimens that did not contain transverse
cracks. These cracks are believed to be a conse-
quence of the relatively poor curing condition for
these specimens.

The transverse crack in specimen F-8-8 is be-
lieved to have caused the reduction in rigidity that
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was measured between the initial and subsequent
static tests. All other specimens showed a small
increase in rigidity during the cyclic loading, but
the rigidity of specimen F-8-8 was found to diminish
about 2 percent. The transverse crack in this spec-
imen was approximately across the midspan, and it is
believed that the expansion of the neoprene pads
under the load points caused this crack to enlarge
during the first series of cyclic loads.

Bond and development of the prestressing strands
were not thought to be 1likely problems with the
specimens. However, the slip on two strands per
panel was measured to verify this performance.
There was no indication of strand slip in any of the
specimens tested at any stage of loading. The
strain gages that were mounted on the transverse
rebars did not provide a reliable basis for evaluat-
ing the performance of the transverse reinforce-
ment. Several of the gages were apparently damaged
during placement or curing of the topping slab and
could not be initially balanced. The readings that
were obtained varied erratically from one quadrant
to another.

The strain measurements did provide some qualita-
tive information on the performance of the decks.
The measured strains in the transverse rebars were
relatively small for application of the live loads.
The strains were in every case less than 75x10-°¢
in/in, which corresponds to a stress of about 2
ksi. This indicates that, regardless of the actual
stress level caused by shrinkage plus live load ef-
fects in the rebars, the stress range due to live
load is likely to be so small that fatigue of these
bars should not be a problem.

CONCLUSIONS

All of the specimens tested in this program per-
formed satisfactorily for the 2 million cycles of
repetitive load. Visible cracks did not develop in
any concrete surface, and there was no measurable
increase in the width of any preexisting crack dur-
ing the cyclic loading period. Primary failure was
in a ductile flexural mode, and there was no indica-
tion of fatigue in the reinforcement.

The only factor that caused a significant varia-
tion in behavior among the specimens was the trans-
verse cracking of the topping slab that occurred in
two of the specimens. These cracks developed ap-
proximately one week after the topping was cast and
are attributed to the relatively poor curing condi-
tions for the two. The cracks caused an increase in
measured service load deflection of approximately 25
percent compared with the uncracked (better-cured)
specimens. These transverse cracks closed as the
specimen was loaded, and they did not appear to af-
fect the behavior near ultimate. Whereas cracks in
the cast-in-place topping slab did not significantly
affect the structural performance of the test decks,
such cracks could possibly have an important influ-
ence on the long-term durability and serviceability
of actual bridges.

The conclusions drawn from this experimental pro-
gram apply to full-span panel-form composite decks
designed by the AASHTO specifications by using the
effective width criteria for a one-way slab. Con-
crete in both the precast panels and the cast-in-
place topping slab is of the type commonly classi-
fied as normal weight.

Based on the limited number of specimens tested,
the following conclusions can be drawn:

1. The composite deck can withstand 2 million
cycles of design load without significant loss of
serviceability or strength. Adequate composite ac-
tion is obtained by roughening the interface sur-
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faces of the precast panel and by waterblasting this
surface immediately prior to placing the topping
slab.

2. Adequate serviceability and strength can be
obtained by using flat, precast panels rather than
more expensive, beveled-edge panels.

3. There is no indication that the thickness of
the topping slab relative to the total thickness af-
fects the fatigue strength of the composite deck up
to 2 million cycles.

4. For HS20-44 live loads, adequate shear trans-
fer strength is provided by a 5-in topping slab
reinforced transversely with no. 4 grade 60 rebars
spaced 12 in on centers. This shear transfer
strength is available even when a longitudinal crack
exists in the topping slab over the panel.

Specific design recommendations based on this
study and on other related studies are given in the
study final report (8).
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Full-Depth Modular Precast, Prestressed Bridge Decks

R. H. BERGER

Precast modular deck construction has been used successfully since 1967. It

is still used in a modest but effactive fashion, as exemplified by several installa-
tions. The details used to connect the panels to the supporting structures, pro-
vide composite action, permit vertical adjustment, and develop shear resistance

between adjacent panels are critical. A deck protection system to prevent chem-

ical penetration should be incorporated in the design. Construction costs were
esti d for four design examples and compared with costs of conventional
cast-in-place construction. In each case, the modular system proved to be more
economical. Benefits of precast, prestressed decks include greater structural
efficiency, in the ber of support el ts required, less truc
tion time, reduction in interruption to traffic for repl. decks, p ial
for increasing capacity of existing structures through reduction in dead load,

and better quality control.

Current practice in the construction of concrete
bridge decks supported by a structural framing sys-
tem uses cast-in-place reinforced concrete. This is
predominantly used for bridge deck replacement and
for new bridge construction.

Some of the problems generated by this construc-
tion technigue have been overcome through the devel-
opment of new materials and improved procedures,
such as concrete overlays, epoxy-coated rebars, and
stay-in-place forms. However, others have not. These
include the very time-consuming and labor-intensive
procedures inherent in the use of cast-in-place
concrete and the inefficient use of the materials
that occurs when the full advantage of the compres-
sive strength of concrete is not exploited.

One alternative to conventional cast-in-place
bridge deck construction that could be more cost
efficient is full-depth, precast, prestresssed
bridge deck panels. This system is equally adapt-
able to new construction and to deck replacement
projects.

STATE OF THE ART

In 1967, Purdue University, in cooperation with the
Indiana State Highway Commission, initiated research
to establish design criteria for a full-depth, pre-
cast, prestressed deck system (l). This study was
followed by an implementation phase consisting of
the replacement of decks on two structures: IN-37
over Bean Blossom Creek and IN-140 over Big Blue
River. This work was completed in 1970 (2). Subse-
quently, the deck on a third structure in Indiana
(Tonkel Road over Cedar Creek) was replaced with
precast elements.

Deck panels for these bridges were cast full
width in sections approximately 1.2 m (4 £ft) wide.
The panels were prestressed in the transverse direc-
tion of the bridge and were posttensioned in the
longitudinal direction after erection. Composite

action between the deck and the supporting members
was not developed.

Slabs for the IN-37 bridge were match-cast with a
tongue-and-groove joint assembly. Spring clips
bolted to concrete inserts were used to anchor the
panels to the top flange of the system. Vertical
adjustments at the stringer bearing areas were
achieved by welding shim plates of variable thick-
ness to the top flange of the structure.

The replacement deck for the IN-140 bridge was
constructed in a similar fashion except that the
slab had a variable thickness to obtain the desired
toadway crown. This was necessary since the oteel
framing was constructed in a level plane.

The Tonkel Road replacement deck was attached to
the beams by using a "2-clip" in lieu of the spring
clip. A fiberglass expansion joint material was
pPlaced between the slab and the stringer flange. The
adjacent panels were connected to each other on the
top surface by a plate welded to inserts cast in the
panels. An asphalt wearing surface was placed with
variahle thickness to provide the required roadway
crown.

These structures are performing reasonably well
after 12 years of service. Minor problems have
developed with concrete spalling at the joints be-
tween panels and in connections used to attach the
panels to the supporting members.

Since this pioneering effort, a number of agen-
cies have designed replacement decks with precast
panels. The New York Thruway has probably con-
structed more square footage of precast deck than
any other agency. These designs did not call for
prestressing but rather used mild reinforcing. This
was a policy decision based primarily on concern
about corrosion of the steel due to the heavy appli-
cation of salts for snow and ice control.

Precast slabs used by the Thruway Authority were
cast with block-outs over the supporting stringers.
The slabs were placed on a thick epoxy bed applied
to the stringer flange to provide uniform bearing.
Studs were welded to the stringer flange through the
block-outs, and the void was filled with additional
epoxy mortar. This provided a positive connection
between the slab and the stringer and also developed
some horizontal shear capacity, although the Thruway
does not rely on composite action. Keyed transverse
joints between adjacent slabs were filled with
epoxy. Longitudinal posttensioning was not used. A
waterproof membrane and asphalt wearing surface were
placed over the completed deck.

In 1979, the Pennsylvania Turnpike Authority
replaced the deck on the Clark Summit Bridge near
Scranton, Pennsylvania, using precast mild rein-
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forced deck panels. Panels were cast with haunches
over the girders to allow for variable thickness of
cover plates. Neoprene strips were glued to the
supporting members as a side form for the placement
of epoxy grout between the slabs and the flange.
Posttensioning ducts were provided in the longitudi-
nal direction. Threaded rods with sleeve nuts were
inserted and used to pull adjacent slabs together
snugly. A keyed joint was then filled with a non-
shrink grout.

The deck on the High Street Overhead Bridge near
Oakland, California, was also replaced by using
precast panels. A unique feature of this project
was the use of two-headed bolts placed through
threaded inserts in the slab and located over the
supporting stringers. These bolts were used to
adjust the panels to the desired elevation. Wooden
side forms were attached to the stringer flange, and
a fast-setting concrete mortar was placed between
the slab and the stringer.

Railroads have also used precast elements in deck
replacement programs. The Atchison, Topeka and
Santa Fe Railway Company has developed precast,
prestressed deck slab construction standards for use
in replacement of timber decks (3). The concept
differs from those already discussed in that there
are no mechanical attachments between the slabs and
the supporting structure. Bolts with spring clips
are used at two points on each slab in place while
curing of the mortar is completed.

After removal of the timber deck, the girder
flanges are sandblasted. Plywood forms are attached
to the edges of the flange, and a pourable epoxy
bedding material is placed. Slabs are then erected
while the mortar is still plastic. The spring clips
are used to hold the slab in place while curing of
the mortar is completed.

The railroad reports that the epoxy mortar be-
tween the slab and the beam develops sufficient
shear capacity to ensure composite action between
girder and slab (3). This provided sufficient in-
crease in the live-load capacity of the structure to
overcome the additional dead load resulting from the
concrete deck. In most instances, it also elimi-
nated the need to make structural repairs to the
supporting girders to increase capacity.

The primary concern in constructing the replace-
ment deck for each of the examples cited was to
minimize the interruption of traffic on the fa-
cility. Spin-off benefits included increased capac-
ity, improved quality control in the concrete deck,
and economy. Minor problems that developed included
details to compensate for the irregular surface of
the top girder flange connection of the slab to the
girder and joints. Overall, each of these projects
was judged to be highly successful by the responsi-
ble agency.

DESIGN CONSIDERATIONS

The American Association of State Highway and Trans-
portation Officials (AASHTO) Standard Specifications
for Highway Bridges (4) provide load distribution
formulas, procedures for developing maximum design
moments, and the magnitude of wheel loads to con-
sider in the design of concrete bridge decks. These
are applicable to either cast-in-place concrete
decks or precast decks. These specifications permit
the use of more sophisticated procedures for the
analysis of forces. This should be considered in
those instances where very wide spacing of beams is
used or where savings could be realized by a more
precise analysis.

The current AASHTO specifications permit tension

in the concrete under service loads of 6/%&.

This is reduced by 50 percent in corrosive environ-—
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ments. FPor bridge decks, tension should be allowed
only where significant economy can be achieved and
with due consideration for the possibility of harm-
ful chemicals penetrating the slab through resulting
tension cracks. Whenever tension is permitted, mild
reinforcement should be provided.

Composite action between the framing system and
the precast deck can be used to provide an efficient
design. Careful attention to details is required to
provide for the horizontal shear at the interface.

The design of the slab cantilever must include
provision for proper development length for moment
resistance from the prestress force. Mild rein-
forcement should be included when the length avail-
able for the stress transfer from the prestressing
strand is insufficient.

CONSTRUCTION DETAILS

To obtain the maximum utility from the precast con-
cept, it is important to develop details that will
provide an efficient procedure for construction,
provide the flexibility necessary to accommodate
variable geometrics, and permit the structure to
operate in accordance with the design assumptions.
Critical details include joints, slab-support intex-
face, geometrics, strand and duct placement, and
protection for the deck surface.

Joints

Several types of joints have been used between adja-
cent precast slab elements. These include keyed or
tongue-and-groove joints, butt joints, and grouted
keyway joints.

The butt joint is simple to cast and erect but
has the disadvantage of providing no inherent shear
transfer capacity. This can be developed through
frictional resistance from longitudinal posttension-
ing.

The keyed joint required careful fabrication and
minimum fabrication tolerance. When match-casting
techniques are used, this can provide a superior end
product as well as develop adequate shear transfer.
Several configurations of this joint are shown in
Figure 1.

The grouted joint, shown in Figure 2, has been
effectively used by the New York Thruway Authority
and the Pennsylvania Turnpike Authority. It permits
greater construction tolerance than the other joints
and, when properly grouted, provides the desired
shear transfer.

Bridge decks for structures that carry more than
two traffic lanes will usually require multiple-
width slabs. The longitudinal joint between these
sections can be placed over a supporting stringer or
somewhere between supporting stringers. In the
former case, a lapped joint such as that shown in
Figure 3 can be provided. This should not be con-
sidered to develop continuity over the support. When
continuity is required, a cast-in-place concrete
section should be used, properly reinforced with
mild reinforcing steel. Sufficient reinforcing
should extend from the precast units to provide the
required development length.

Where the joint falls between supports, an open
joint can be provided. If drainage runoff is a
potential problem, the joint should be sealed. De-~
tails should include edge-reinforcing protection to
minimize maintenance.

Framing Connections

Details must be developed to provide a positive
attachment between the precast slab elements and the
support frame. Where composite action is required,
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Figure 1. Keyed joints.

ADHESIVE

the construction must be adequate to transfer hori-
zontal shear and provide lateral stability to the
girder flange. Several systems have been developed,
including shear studs, bolt clips, and bolts, adapt-
able to either steel framing or precast concrete
framing.

Bolt clips, shown in Figure 4, were used on some
of the earlier installations for connecting the slab
to steel stringers but have not proved to be satis-
factory except for providing a temporary connection
during construction. This detail was used on the
Tonkel Road Bridge in Indiana.

A more durable detail incorporates high-strength
bolts placed in recessed holes in the slab and con-
nected to the top flange of the steel stringer. The
bolt head is on the underside of the flange, and the
nuts and washer are placed in the recessed hole in
the concrete deck. A similar system used by the New
York Thruway, which included a cast steel bushing,
is shown in Figure 5.

The connection can also be made with shear studs
attached to the supporting steel girder through
preformed openings in the deck slab. The void is
then filled with a nonshrink or epoxy mortar. This
detail provides a very simplistic construction pro-
cedure and does not call for extremely tight con-
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Figure 3. Lap joint over stringer.

Figure 4. Typical bolt clip.
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struction tolerances. This procedure, like the
others discussed, is adaptable to either new con-
struction or replacement decks on steel framing.

For precast concrete support framing, different
details are required. Figure 6 shows an example of
a detail for precast girders. A plate is anchored
to the girder during prefabrication and later used
to attach shear studs. Slotted holes in the plate
provide additional horizontal shear capacity. Studs
are attached to the girder through preformed open-
ings in the deck unit. These cavities are later
filled with nonshrink grout or a suitable epoxy
mortar.

A similar detail can be developed for replacement
decks. After removal of the existing slab, stirrup
shear connector bars are cut off several inches
above the concrete. A slotted plate is placed over
these bars. The bars are then bent over and welded
to the plate as shown in Figure 7. After placement
of the precast unit, shear studs are welded to the
plate through preformed holes. Again, cavities are
filled with grout.

A high-strength bolt connection similar to that
already described for steel beam supports can be
used for new construction. The bolts are placed in
inserts cast in the concrete beam.

An alternative to this is grouting bolts in pre-
formed holes cast in the concrete beam. The precast
deck units are then placed, and the tie downs are
completed as shown in Figure 8.

Geometrics

Superelevation, transitions, and vertical and hori-
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Figure 5. High-strength bolt connection.

WEARING SURFACE
CAST STEEL BUSHING
PRECAST DECK SLAB

IR

TEMPORARY EPOXY MORTAR

SPRING CLIP

Figure 6. Precast slab connection to precast girder.

zontal curvature can be handled satisfactorily dur-
ing the deck unit precasting operation. However,
significant field problems are created as a result
of irregularities in the supporting elements. De-
tails must be developed that permit vertical adjust-
ment of the individual slab units in the field.
These details must also ensure proper temporary
support as well as final bearing on the supporting
beams.

Several systems have been developed to accomplish
these objectives. One system requires the "butter-
ing" of the top flange of the support elements with
grout. The slab is placed while the grout remains
plastic, and the excess material is squeezed out as
the slab reaches the desired position. Hardening of
the grout provides the final bearing.

A second method uses shim pads, which are placed
under the slab in sufficient thickness to satisfy
the required vertical alignment. Epoxy mortar is
placed between the deck slab and the beam flange to
provide final bearing.

Figure 3 shows a detail that incorporates side
angles welded to the top flange of a steel support
member. These angles are placed to compensate for
variable flange plate thickness. Grout is placed by
using the angles and a neoprene sealing tube as a
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Figure 7. Precast slab connection to precast girder for replacement decks.

This detail is equally adaptable to new
Careful

side dam.
construction and to replacement decks.
attention must be given to welding details to ensure

that wundesirable
result.

A detail that provides excellent versatility for
vertical adjustment and adequate temporary support
during construction and meets all requirements for
final bearing is shown in Figure 9. It consists of
a bolt extending through a threaded insert cast with
the deck slab. The slab can be adjusted to the
proper elevation by increasing or decreasing the
extension of the bolt below the bolt head. The
number of bolts provided is dictated by design re-
quirements for dead load and the requirements for
adjustment. After the slab has been adjusted to the
proper elevation, the void below the slab and beam
flange is filled with grout. Collapsible neoprene
tubes are used for side dams to contain the grout.
After the grout has cured, the leveling bolts are
removed and the remaining void is filled with grout.

fatigue characteristics do not

Deck Protection

Because the same factors that have caused the rapid
deterioration of cast-in-place bridge decks are
present with precast decks, a protection system
should be provided where deicing chemicals are used.
In most instances, it is also desirable to place a
wearing surface of either concrete or bituminous
material over the precast deck. A bituminous over-
lay provides a mechanism for eliminating irregulari-
ties in the roadway surface and, when constructed
with a waterproof membrane, provides protection from
the intrusion of chloride ions. In lieu of a mem-
brane, the concrete surface could be treated with a
penetrating sealer. Dense concrete or latex-modi-
fied concrete overlays will also provide an effec—
tive protection system. It is highly desirable to
specify epoxy coating for all mild reinforcing in
close proximity to the deck surface.

COST ANALYSIS

Design Examples

To assess the potential cost benefits of using pre-
cast deck panels, four hypothetical examples were
developed. Two of the examples involve an existing
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Figure 8. Precast slab connection to concrete beam.
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Figure 9. Adjustable support.

two
in-

deck that requires replacement, and the other
are related to new construction. Each example
volves a different support framing system.

The examples and the estimated construction cost
include only the deck itself and not other parts of
the structure. Changes in dead load and in the cost
of the framing system have not been included in the
economic analysis.

Each example is developed by using current AASHTO
specifications and an HS20 live load.

Example 1

Example 1 involves the replacement of an existing
deck on a 24-m (78-ft) simple-span, multiple steel
girder bridge. The shoulder width on the deck is
increased to provide additional safety, and a mini-
mum of one lane of traffic in each direction is
maintained at all times. A typical section of the
existing and proposed bridge superstructure, which
uses precast slab construction, is shown in Figure
10.

The precast deck is composed of 2.4-m (8-ft) wide
modules. Units are cast for each half of the deck
with a lap joint over the center stringer. Attach-
ment to the steel stringers is made by welding studs
through preformed openings in the precast deck unit,

which are then filled with grout. Bedding and ver-—
tical adjustment is obtained as described earlier
with the screw-type inset (Figure 9). The bridge is
longitudinally posttensioned. The precast deck is
178 mm (7 in) deep and the cast-in-place concrete is
203 mm (8 in) deep to comply with current specifica-
tions.

Example 2

In example 2, the deck on an existing 29-m (95.5-ft)
span-through truss bridge is replaced with a modular
deck slab system that spans between existing floor
beams (existing stringers are removed). Figure 11
shows a typical cross section for the existing
bridge and for the proposed precast deck replacement.

The precast deck units are 2.1 m (6.9 ft) wide
and cover one-half of the bridge length. The slabs
are continuous over intermediate floor beams. A lap
joint is used between the ends of adjacent panels at
the center floor beams, and a grouted keyway is used

in the 1longitudinal direction between adjacent
units. Attachment to the floor beams is by shear
studs, as in example 1. Vertical adjustment is

obtained with screw-type inserts.

The precast slab is 241 mm (9.5 in) deep, and the
cast-in-place alternative requires a 330-mm (13-in)
deep slab to carry the same live load.

Example 3

Example 3 is a new bridge design. A single-span,
19.8-m (65-ft), prestressed concrete, multiple-I-
beam bridge was selected. The bridge was designed
for composite action between the deck slab and the
I-beam. Roadway width accommodates two lanes of
traffic with 1.5-m (5-ft) shoulders. A typical sec-
tion of the structure is shown in Figure 12.

The precast modular deck units are 1.4 m (8 ft)
wide and cover the full cross section of the bridge.
Curbs are cast monolithically with the slab.
Stringers have been spaced to optimize the effi-
ciency of the precast slab. The required slab
thickness is 190 mm (7.5 in) for the prestressed
alternative and 241 mm (9.5 in) for the conventional

cast-in-place concrete design (with the same
stringer spacing).

Joints between adjacent slabs are tongue and
groove. The slabs are connected to the support

stringers by welding studs to a steel plate embedded
in the top flange of the I-beam through preformed
holes. These connectors also develop sufficient
horizontal shear capacity for composite action.
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Figure 10. Typical section: example 1.
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Figure 12, Typical section: example 3. . 11.2m (36'-8'') OUT TO OUT
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Leveling bolts, as in the previous examples, are
used for vertical adjustment. The void between the
top flange and the underside of the deck panel is
filled with grout by using O-ring sealers.

Example 4

Example 4 demonstrates the applicability of using a
prestressed, precast deck to minimize the number of
required stringers and thereby improve overall econ-
omy. A multiple-steel-beam, 34.2-m (112-ft), single-
span structure was selected. The roadway accommo-
dates four lanes of traffic with full-width shoul-
ders. Composite action is developed between the
beams and the deck slab. Continuity of the deck over
the center support is achieved by casting in place
the section directly over the center stringer. This
section is reinforced and made continuous with the
adjacent deck panels. A typical section of the
structure is shown in Figure 13.

The precast modules are 2.4 m (8 ft) wide and
cover one-half of the deck. Longitudinal postten-—
sioning is specified. Joints, leveling procedures,
and grouting requirements are similar to those for
the other design examples. The precast, prestressed
deck requires a thickness of 267 mm (10.5 in) and
the cast-in-place, conventionally reinforced deck
requires a thickness of 318 mm (12.5 in).

Results

A construction cost estimate has been developed for
each of the examples described above for the precast
alternative and for the cast-in-place alternative.
Estimates are based on complete installation of the
deck, including curbs and appurtenances. Costs
associated with the supporting framework have not
been included. Costs have been included for traffic

control for the two examples that involve deck re-
placements. No consideration has been given to
those costs associated with user delays and the
like. Estimates are based on 1980 dollars.

A summary of the results of the analyses is given
in Table 1. In each case, the modular system is
less costly, although marginally so for example 1.
However, the significant saving in field construc-
tion time, which translates into additional savings
in user cost, has not been considered.

CONCLUSIONS

The concept of transverse prestressed, precast mod-
ular bridge deck construction has definite advan-
tages when compared with conventional cast-in-place
deck construction using mild reinforcement. A re-—
view of bridges with precast decks that have been in
service for a number of years indicates that they
have performed favorably compared with cast-in-place
construction.

The concept is applicable to both new bridge
construction and replacement deck construction. In
each of the design examples investigated, a cost
estimate was made, and in each instance the precast
alternative proved to be more economical. In addi-
tion, the time for field construction was signifi-
cantly reduced.

Improved economy is primarily the result of a
decrease in the amount of materials required due to
the increased structural efficiency of the pre-
stressed deck. Where time is a factor that has
quantifiable costs, this further enhances the eco-
nomic viability of the concept of precast, pre-
stressed construction.

Other benefits of modular construction for new
bridge construction and for deck replacement have
been identified:
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Table 1. Cost analysis.
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Cast-in-Place Precast
Curb-
to- Field Deck Field Deck Potential Sav-
Curb Erection  Construc- Erection  Construc- Cost ings over Con-
Construction Span Width Framing  Thickness Time tion Cost Thickness Time tion Cost Savings ventional
Type Example (m) (m) System (mm) (days) ($) (mm) (days) (3) (%) Construction
Deck I 23.8 16.0 Multiple 203 41 64 900 178 7 63,700 @ -
replace- steel I-
ment beams
2 29.1 7.3 Steel-thru 330 25 37,200 241 5 33,200 5 Member strength-
truss ening not
with required
floor
beams
New 3 19.8 10.4 Multiple 241 20 35,200 190 4 27,400 4 Fewer sup-
bridge prestress- porting mem-
ed con- bers required
crete I-
beam
4 34.2 20.7 Multiple 317 26 119,000 267 13 102,600 13 Fewer sup-
steel porting mem-
I-beams bers required
1. New bridge construction--(a) Improved struc- stressed Concrete for Bridge Decks. Joint High-
tural efficiency, (b) fewer support elements, (c) way Research Project, Purdue Univ., West La-
decreased manpower requirements, and (d) less con- fayette, IN, and Indiana State Highway Commis-
struction time; sion, Indianapolis, Project C-36-56N, File
2. Replacement deck construction--(a) Decreased 7-4-14, July 1968.
on-site construction time and manpower requirements, 2. P.K. Kropp. The Use of Precast, Prestressed
(b) less time required for traffic control, (c) less Concrete for Bridge Decks. Joint Highway Re-
inconvenience to the traveling public, and (4) de- search Project, Purdue Univ., West Lafayette, IN,
creased dead-load weight and potential for increase and Indiana State Highway Commission, Indianap-
in live-load capacity. olis, Project C-36-56N, File 7-4-14, March 1973.
3. W.F. Hyma. Replacing Timber Decks on Railroad
In addition, precast concrete elements fabricated in Bridges with Prestressed Concrete Slabs. Concrete
a controlled environment under "factory" conditions International, Vol. 1, No. 5, May 1979, pp. 18-21.
provide for improved quality control, which can 4. Standard Specifications for Highway Bridges, 12th

ultimately result in improved durability of the
completed deck.
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Abnormal Rotations of Skewed and Curved Bridges

MARTIN P. BURKE, JR.

The abnormal rotation of skewed and curved bridge superstructures is described
and illustrated. Various types of compound bearings that accommodate this
type of rotation are described. Specific examples of structure distress due to

abnormal rotation and inappropriate bearing selection are given. Although present

design specifications are mute concerning this phenomenon and research that is
specifically focused on it is scarce, it is suggested that the designers of severely

skewed or curved bridges should ider the q of abnormal rotation

and furnish an appropriate bearing design for such structures.

The present American Association of State Highway
and Transportation Officials (AASHTO) Standard Spec-
ifications for Highway Bridges (1) recognize the
need for other than flat bearing surfaces for bear-
ings of bridge spans of 50 ft or more. Section
1.7.32 of the specifications states that "spans of
50 feet or greater shall be provided with a type of

ed. AASHTO, Washington, DC, 1977.

Publication of this paper sponsored by Committee on Concrete Bridges.

bearing employing a hinge, curved bearing parts,

elastomeric pads,

or pin arrangement for deflection

purposes.” However, nothing is stated about the

need to make similar provisions for bridges with

severe skews or curves, yet the need of accommodat-

ing the actual rotations of skewed or curved bridge
superstructures, laterally as well as

longitudi-

nally, is in some cases equally important (2).

This paper attempts to highlight this subject of
combined lateral and longitudinal
rotations (abnormal rotations). Some of the major
bearing types that have been developed during the
past two decades to accommodate these rotations are
described as well as the bearings that some Ohio
bridge engineers have chosen for their bridges.

For example, consider bridge CUY-480-1572 de-

superstructure
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Figure 1. Framing plan of Ohio bridge it S
CUY-480-1572. .
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Figure 2. Cross section of bridge CUY-480-1572 at point A: vertical deflec-
tion without rotation.
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signed by Murray of Alden E. Stilson and Associ-
ates. It is a bridge with a two-span, continuous
through-girder superstructure designed to carry the
two tracks of the Penn Central Railroad over I-480
in Cleveland, Ohio. It has spans of 159 and 190 ft
and a skew of about 67°. Part of the framing plan
of this structure is shown in Figure 1. In this
framing plan, notice that point A of the north
girder is located more than 90 ft from its girder
bearing but only 37 ft from the bearing of the ad-
jacent south girder. A schematic cross section of
the superstructure at point A is shown in Figure 2.
The dashed lines represent the girders and trans-
verse floor beams in an unloaded position and the
solid lines the members deflected due to live load.
In this exaggerated sketch showing girder deflection
in a vertical plane, the type of deflection usually
assumed in bridge design, it should be obvious that
the reverse bending of the floor beams should be
accompanied by lateral bending and/or rotation of
the girders.

A more realistic assumption of structure deforma-
tion is shown in Figure 3, where the deflection of
the girder at point A is associated with bending of
the floor beams and rotation of the girders. Be-
cause the rotation of the left girder is occurring
at a bearing, the type of bearing used at this
location must be able to accommodate not only longi-
tudinal rotation but lateral rotation as well;
otherwise, bearing edge loading will occur and be
followed by girder, bearing, and bridge seat dis-
tress.

During the past two decades, several types of
bridge bearings have been developed for applications
in which abnormal rotations must be accommodated.
These various bearing types have come to be known as
pot, spherical, elastomeric, and disk (3).

For his Penn Central Railroad structure, Murray
selected and designed pot bearings to accommodate

Figure 3. Cross section of bridge CUY-480-1572 at point A: vertical deflec-
tion with rotation.
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the skew-related abnormal rotation of the struc-
ture. The bearings he designed will accommodate all
abnormal rotations and longitudinal translation and
will support reactions of up to 4000 kips. They will
be the largest bearings of their kind in Ohio.

Typical pot bearing details are shown in Figure
4. These bearings are circular in plan and rather
flat in outline. The bottom cylindrical section, or
pot, which contains an elastomer of either natural
rubber or neoprene, is covered by an upper cylindri-
cal section, or piston. The elastomer confined
within the pot is subjected to a vertical pressure
of about 3500 psi, which causes the elastomer to
behave much like an incompressible fluid. Rotation
of a bridge superstructure causes a redistribution
of the elastomer within the pot, thereby minimizing
the eccentricity of the vertical reaction. To aid
in the redistribution of the elastomer within the
pot, some manufacturers use a lubricant on the
elastomer; others sandwich the elastomer between two
thin disks of Teflon. To prevent the elastomer from
being extruded from the pot by the pressure of the
loosely fitted piston, manufacturers have developed
a number of different types of sealing rings.

Because of the fit of the piston within the pot,
differential horizontal translation between the
superstructure and the bridge seat is prevented by
the pot design shown in Figure 4. To provide for
horizontal translation, this basic design is modi-
fied by the addition of an abutting pair of sliding
surfaces, one faced with stainless steel and the
other with Teflon. This type of pot bearing design
is shown in Figure 5. The pair of guide bars shown
in this figure is intended to restrict the lateral
translation of the superstructure. Without guide
bars, the bearing would be capable of accommodating
both lateral and longitudinal translation.

Figure 6 shows a pot bearing that was designed by
Kopetz of Howard Needles Tammen and Bergendoff for
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bridge STA-30-1507. This is one of the first pot
bearings fabricated for an Ohio structure. The two
pot bearings of this structure were used to support
a transverse box girder pier cap, where the deflec-
tion and lateral rotation of the transverse support-
ing girder and the 1longitudinal rotation of the
integrally constructed and supported deck girders
were clearly evident. These bearings were designed
for an axial load of 3000 kips. Note that in this
design the pot and the piston are reversed so that
the pot is positioned on top of the piston. This
placement of pot and piston, along with the closed-
cell foam seal, will aid considerably in keeping the
interior of the pot from becoming contaminated by
water and debris. In this design, it should also be
noted that the top sole plate and bottom masonry
plate were designed to facilitate the removal of the
bearing without extensive structure modification. A
relatively thick masonry plate is required to dis-
tribute the 3500-psi pot pressure to the 1000-psi
concrete bridge seat pressure.

To allow for the abnormal rotations of the curved
superstructure of bridge COL-30-3661, Hendricks of
Glaus, Pyle and Dehaven chose a spherical bearing
design that has details similar to those illustrated
in Figure 7. Note that this type of bearing has two
sliding surfaces: a curved or spherical lower sur-
face to provide for the abnormal rotations of the
superstructure and an upper flat surface to provide
for horizontal translation. In this particular de-
sign, lateral translation of the superstructure is
prevented by the use of twin guide bars.

With respect to the sliding surfaces, these bear-
ings were designed with two different types of slid-
ing surfaces. The spherical surfaces were lubri-
cated bronze, and the upper flat surfaces were faced
with stainless steel and Teflon. A lubricated
bronze surface is a bronze surface that has tre-
panned concentric recesses that are filled with a
compressed lubricant. The recommended design coef-
ficient of friction for such a surface is 10 per-
cent. The upper sliding surfaces were faced with
stainless steel and Teflon fabric, the first time
that Teflon fabric was used in a compound bearing
for an Ohio structure. This is one of the more ef-
ficient and durable forms of Teflon available to the
bearing designer. The coefficient of friction for
such a surface is well below 5 percent.

Recent improvements have been made in the spher-
ical bearing designs by the Merriman Company. In-
stead of using lubricated bronze for the spherical
sliding surface, manufacturers are now able to
furnish a spherical convex surface faced with stain-
less steel (by welding with stainless electrodes)
and a spherical concave surface faced with Teflon
fabric.

Based on recent conversations with an official of
a metallizing company, it now appears practicable to
apply a stainless surface on regular structural
steel--A588, for example--by the metallizing pro-
cess. In metallizing, a spray of heated particles
of the desired facing metal is applied to a struc-
tural substrate. After the particles have fused
with the substrate to an appropriate thickness, the
metallized surface is then machined and polished to
the desired finish.

A third type of bearing is the elastomeric.
Elastomeric bearings are unique in that, for short
structures, they provide for both abnormal rotation
and horizontal translation without any moving
parts. All anticipated movements are accommodated
by deformation of the elastomer within the bear-
ings. For long structures, the basic elastomeric
bearing is also supplemented with sliding surfaces
similar to those that are incorporated in the other
types of compound bearings.
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In Ohio, the first use of large-diameter elasto-
meric bearings began two decades ago when Dorian of
the Ohio Department of Transportation Bureau of
Bridges chose them as replacements for the severely
corroded and inoperative rocker bearings of bridge
ROS-50-0667, a bridge with a through-truss super-
structure. The bearings were installed in 1964.
Periodic inspections of these now l8-year-old bear-
ings indicate that they are in very good condition
and it appears that they will survive the structure.

Shortly after this first installation, Ericksson
of Ericksson Engineering provided elastomeric bear-
ings for bridge BEL-7-278%9 (see Figure 8). This
structure consists of continuous steel beams sup-
ported on integrally framed transverse girders,
which in turn are supported on widely spaced pier
columns. Because of the deflection and rotation of
the transverse girders and the simultaneous deflec-
tion and rotation of the longitudinal beams, it was
obviously necessary to provide for the combined ro-
tational effects (abnormal rotation) with compound
column-top bearings. All of the intermediate pier
bearings of this structure are elastomeric. The
largest of those bearings are 3 ft in diameter and
7.5 in thick. They were installed in 1966.

Designs for elastomeric bearings have become
quite large. Some bearings with 3-ft, 10-in diam-
eter were manufactured by the General Tire and
Rubber Company for a New York State structure. The
bearings were tested at Lehigh University with one
of the largest machines of its type in the country.
Axial loads of up to 3 million 1bf (about 3000 psi
bearing pressure or about Ffour times the maximum
allowable design pressure) were applied to the bear-
ings without apparent adverse effect.

The roof of the Dallas Sports Arena is supported
on eight column-top structural bolsters. To provide
for rotation and some translation, these structural
bolsters are set on top of elastomeric bearings that
are 4 ft square and 10 in thick. Harris of 0il
States Industries, the fabricator of these bearings,
said that his firm has just completed the fabrica-
tion of even wider bearings, probably the largest
bridge bearings fabricated in the United States to
date. These new bearings are 5 ft, 4 in long, 2 ft,
6 in wide, and 9.625 in thick. They are destined
for a segmental concrete structure now being con-
structed for I-75 in Dade County, Florida.

Currently, elastomeric bearing manufacturers do
not appear to be aggressively promoting the design
and manufacture of compound elastomeric bearings for
abnormal rotation and translation applications.
However, we feel that this type of bearing, properly
designed and manufactured, would be functionally
efficient and an economical alternative for the more
expensive pot, spherical, and disk bearings. Part
of the reason for the lack of interest may be the
present restrictive AASHTO design code. However,
present elastomeric bearing research being conducted
at the University of Washington under the direction
of the National Cooperative Highway Research Program
(4) should result in a new AASHTO elastomeric bear-
ing specification that will furnish design guidance
for this important application.

Until just recently, bridge engineers could only
select from among these three types of compound bear-
ings (pot, spherical, and elastomeric) for abnormal
rotation applications. A fourth type of compound
bearing, shown in Figure 9, has been introduced into
the United States by Watson-Bowman Associates, Inc.
It has come to be known as the disk bearing since
its primary element, which is designed to facilitate
abnormal rotations, is a disk composed of Adiprene,
a hard plastic form of polyurethane developed by the
DuPont Company. Unlike the pot bearing, which uses
a confined elastomer under high pressure, or the
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Figure 4. Pot bearing: rotation.
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elastomeric bearing, which uses an unconfined but
restrained elastomer under moderate pressure, the
disk bearing is based on the use of a specially com-
pounded unconfined elastomer under high pressure {(up
to 3800 psi). Apparently, the characteristics of
the Adiprene disk, identified in Figure 9 as the
Bonafy Structural Element, are such that it can
withstand these high pressures and imposed rotations
of more than 2° without apparent distress. We are
familiar with Adiprene and its impressive proper-
ties, but we have no experience with this material
in such a demanding application. However, Grant of
Arvid Grant and Associates chose these bearings for
his Pasko-Kennewick cable~stayed structure that was
recently completed in Washington State. They have
also been chosen for many other major structures
throughout the world.

As Figure 9 shows, lateral and 1longitudinal
translation is provided for by sliding surfaces
similar to those of the other three types of com-
pound bearings.

In view of the availability of these four basic
types of compound bearings, we have wondered why so
many bridge engineers fail to consider their use
when they are choosing bearings for skewed or curved
bridges. Probably the traditional use of rockers,
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Figure 7. Spherical bearing.
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rollers, pinned bolsters, and other similar struc-
tural bearings has conditioned many engineers to
their use. The existence of Federal Highway Admin-
istration (FHWA) and state standard bearing design
drawings that are designed for normal rotations but
contain no limitations in this respect has probably
supported such conditioning. The simplified design
procedure that must be used in the design of multi-
beam or girder-deck-type structures has probably
also contributed to such conditioning. We concep-
tually isolate a primary member and consider it act-
ing alone, supporting a specific portion of the dead
load and the superimposed live load. We size the
member, calculate its required camber, verify the
live load deflection, calculate the bearing reac-
tion, and, in some instances, compute the amount of
member rotation at the bearings. And in all of
those calculations, we visualize the behavior of a
single member deforming in a vertical plane, not a
portion of a well-integrated structural system re-
sponding to randomly located vehicular live loads.
Finally, the conditioning process appears to be sup-
ported by the actual performance of standard single-
axis structural bearings. Bearing performance is
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Figure 10. Bell River bridge pier 1 expansion bearing.

generally considered very good. If a structure is
experiencing some distress, seldom is it recognized
that the distress may be associated with, or indeed
may even be caused by, a type of bearing that is not
accommodating the actual superstructure rotations.

The standard specifications contain no clue to
this potential problem. Article 1.7.32 of the
AASHTO specifications (1) requires rotational pro-
visions in bearings of spans "50 feet or greater...
for deflection purposes.” Since deflections are
generally visualized as occurring in a vertical
plane, this terminology tends to guide the design
engineer to the choice of a bearing with a rota-
tional axis that can be placed normal to the ver-
tical plane.

Article 15.6.1.1 of the Ontario Highway Bridge
Design Code (5) is somewhat better. It states,
"bearings...shall accommodate the required transla-
tion and/or rotation of the structure." At least in
this code, the engineer is directed to consider the
rotation of other than a "member" when choosing a
bearing type and bearing components.

Finally, Article 1.7 of the AASHTO Guide Specifi-
cations for Horizontally Curved Highway Bridges (§)
is more specific. However, 1its very specificity
only compounds the problem of bearing selection and
bearing orientation. Consider a portion of the
second paragraph of this article: "Thus, regardless
of the direction of displacement allowed at a sup-
port, if rotation is permitted about only one axis,
that axis should be perpendicular to the centerline
of the web at the bearing.”™ This text is probably
appropriate for a slightly curved structure with
radially placed substructures. It obviously is not
intended for sharply curved structures on parallel
substructures or for superstructures with severely
skewed substructures. The text of this article is
unfortunately worded in several respects. First,
the choice of bearing or its orientation will not
enable the engineer to "permit” the rotation of a
bridge about only one axis; second, the use of a
bearing with only one axis of rotation will gen-
erally be inappropriate; and, finally, if the one
axis is placed normal to the web of the member, it
will probably not coincide with the axis of rotation
of the structure.

As pointed out in the introductory section of
this paper, the AASHTO design specification requires
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special bearing designs to facilitate the deflection
of bridge spans of 50 ft or more. But, since the
average bridge engineer appears to have been condi-
tioned to contemplate vertical deflections and nor-
mal rotations with respect to span length, the ef-
fects of skew and curvature on the deflection and
rotation of the structures under consideration are
generally ignored. This oversight has little con-
sequence for shallow skews and moderate curves, for
superstructures with unstiffened rolled beam
flanges, or for superstructures that have been pro-
vided with compound bearings. However, for large
skews and sharp curvatures, especially for longer
spans, this omission of specification recognition is
in large measure responsible for the fact that many
bridge design engineers fail to consider the effects
of these geometrics on the function, integrity, and
durability of their bearing and bridge designs.

Consider the bearings that were used on the
curved approaches to the Poplar Street bridge in St.
Louis, Illinois. They were standard cast steel
pinned rockers and bolsters. They failed to func—
tion appropriately and had to be replaced with elas-
tomeric bearings after substantial girder distress
was discovered (7).

In Ohio, the pinned rocker bearings of the 154-ft
single-span deck girder bridge carrying I-76S over
East Market Street in Akron, Ohio, have failed to
function as designed (2). The bridge is skewed 67°,
and the abnormal rotation of the superstructure at
the bearings has caused the extrusion of the lead
bearing pads from beneath the bearings. The pinned
portions of the bearings are inoperative since the
rotation of the superstructure at the bearings is
about an axis that parallels the abutment rather
than the rotational axis of the individual bearings.

One of the few reported examples of structure
distress related to abnormal rotations is contained
in a paper by Karol (8), who writes, "The perfor-
mance of roller, rocker, or cylinder bearings can
only be satisfactory if the 'door hinge' analogy is
followed, that is, if all the hinges are in line."
With respect to the condition of the bearings shown
in Figure 10, he writes, "Although several causes of
the described failure were considered (too low
strength of mortar pads, incorrect setting of bear-
ings, blocked expansion joints) the type of failure
points to the main cause being associated with the
geometry of the bridge and bearings and their in-
ability to rotate laterally."

To help focus attention on this subject, Bishara
of Ohio State University is currently engaged in a
research project funded by the State of Ohio and
FHWA to study the abnormal rotations of skewed
superstructures. It is hoped that the results of
this research will result in an AASHTO specification
that requires the recognition of actual superstruc-
ture rotations in the choice and design of super-—
structure bearings. In the interim, the bridge en-
gineer given the responsibility of designing heavily
skewed and/or sharply curved structures, especially
long-span structures, should choose a bearing design
that will facilitate the abnormal rotations of the
actual bridge superstructure and function well
within reasonable stress limits.
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Skewed Bridges with Integral Abutments

L.F. GREIMANN, A.M. WOLDE-TINSAE, AND P.S. YANG

As background to a theoretical investigation to establish tentative recomenda-
tions on maximum safe lengths and skew angles for concrete and steel skewed
bridges with integral abutments, a survey of the highway departments of all 50
states was made to obtain information on the design and performance of
skewed bridges with integral abutments. The findings of the survey are sum-
marized, including various design criteria and limitations being used; typical pile
orientations being used in bridge design by the different states and types of
analysis used for thermal expansion and contraction; assumptions being made
regarding selected design parameters; specific construction details being used,
such as approach slab, backfill, and pile cap; long-term performance of skewed
bridges with integral abutments; and previous research on skewed bridges with
integral abutments. The variation in design assumptions and length limitations
among the various states in their approaches to the use of integral abutments

is discussed. The problems associated with thermal-induced abutment move-
ment and the solutions developed by the different states for most of the ill ef-
fects of abutment movement are summarized. In view of the lack of theoretical
and experimental research in this area, it is hoped that the survey will provide
some useful empirical experience and information on the design of skewed
bridges with integral abutments.

The routine use of integral abutments to tie bridge
superstructures to foundation piling began in the
United States about 30 years ago (1-4). Kansas,
Missouri, Ohio, and Tennessee were some of the early
users. This method of construction has steadily
grown more popular. Today, more than half of the
state highway agencies have developed design cri-
teria for bridges without expansion joint devices.
Most of the states that use integral abutments
began by building them on bridges less than 100 ft
long. Allowable lengths have been increased based
on good performance of successful connectlion de-
tails. Full-scale field testing and sophisticated
rational design methods were not commonly used as a
basis for increasing allowable lengths. This led to
wide variations in criteria for the use of integral
abutments from state to state. In 1974, the varia-
tion in the criteria between Kansas and Missouri was
200 ft (1). A survey conducted by the University of
Missouri in 1972 (5) indicated that allowable
lengths for concrete bridges with integral abutments
were 500 £t in some states and only 100 ft in others.
Continuous steel bridges with integral abutments
in the 300-ft range have performed successfully for
years in such states as North Dakota, South Dakota,
and Tennessee. Continuous concrete structures
500-600 ft long with integral abutments have been
constructed in Kansas, California, Colorado, and
Tennessee (6). In Iowa, the maximum bridge length
for which integral-abutment construction is allowed

has been limited to 265 ft (l). The Federal Highway
Administration (FHWA) recommends integral abutments
for steel bridges less then 600 ft long and for
unrestrained bridges, those in which the abutment is
free to rotate as with a stub abutment on one row of
piles or an abutment hinged at the footing (6).

The primary purpose for building integral abut-
ments is to elimlnate bridge deck expansion joints
and thus reduce construction and maintenance costs.
A sketch of a bridge with integral abutments |is
shown in Figure 1. Conventional bridge bearing
devices often become ineffective and are susceptible
to deterioration from roadway runoff through open or
leaking deck joints. A cross section of a bridge
with stub abutments and deck joints 1is shown in
Figure 2,

Tn an integral-abutment bridge with flexible
piling, the thermal stresses are transferred to the
substructure by way of a rigid connection. Various
construction details have been developed to accom—
Plish the transfer; one such detail from the state
of Iowa is shown in Figure 3. The abutments contain
sufficient bulk to be considered a rigid mass. A
positive connection to the girder ends is generally
provided by vertical and transverse reinforcing
steel. This provides for full transfer of tempera-
ture variation and live load rotational displace-
ments to the abutment piling.

PREVIOUS RESEARCH

Several of the states that use integral abutments
have performed research to develop guidelines for
the use of integral abutments. A summary of these
research efforts follows.

California

California (7) began informal studies of some of its
long structures without expansion joints about 15
years ago. Efforts consisted of identifying appro-
priate structures and conducting periodic inspec-
tions to monitor performance. A total of 27
bridges, varying in length from 269 to 566 ft, were
studied; 18 of the bridges had integral abutments,
and the others had semi-integral abutments.

Although a final report on this study is not yet
available, the Office of Structures Design, Cali-
fornia Department of Transportation (Caltrans), in
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Figure 1. Cross saction of a bridge with integral abutments.
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Figure 2. Cross section of a bridge with expansion joints.

BRIDGE DECK
EXPANSION JOINT / REINFORCED CONCRETE APPROACH SLAB

B f — | ——

A STUB ABUTMENT
GIRDER WINGWALL

BATTERED PILING

Figure 3. Integral
abutment details (lowa).

& ABUTMENT

T"'“'T;‘X‘VP

?ﬁz_'Iﬂ

-
T
s

VIAYT ARTIN

informal communications has reported the following
interim findings:

1. There is no apparent distress at end bent
columns.

2. There is no cracking on girder soffits related
to the lack of deck joints.

3. No structural distress 1is apparent at the
abutments.

4. There have been some problems with erosion and
piping of abutment support soils due to small
amounts of water flowing down behind the abutments.

5. There are no apparent deck cracking problems
associated with expansion stresses.

The interim report recommends that a reinforced
concrete approach slab be used with all jointless
structures.

In 1971 and 1972, Caltrans and FHWA sponsored a
research project to correlate theoretical solutions
for laterally loaded piles with full-scale field
tests in bridge embankments. Most of the work was
done by Yee of the University of California at
Sacramento. Yee reached the following conclusions
(8):
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1. The use of a linear variation in soil modulus
with depth is a good approximation.

2. The influence of the soil below about 12-20 ft
on pile stresses was practically negligible.

3. The effective length of the pile was about 15
ft for a free-head condition and about 21 ft for a
fixed-head condition.

The results of this research were used to develop
guidelines for the use of integral abutments in
California. They are used when up to 1.5 in of total
movement due to thermal forces is expected in a
reinforced concrete bridge. In addition, to avoid
rotation problems at the abutment, the end span is
limited to 160 ft. The use of integral abutments is
limited on prestressed bridges to those where the
elastic shortening due to posttensioning is less
than 0.375 in and the end span is less than 115 ft
long.

Iowa

A final report on nonlinear pile behavior in bridges
with integral abutments was published by Iowa State
University in February 1982 (2). The research was
sponsored by the Iowa Department of Transportation
(DOT). The report included a survey of the highway
departments of all 50 states to find the extent of
use of integral abutments and the different guide-
lines used for analysis and design of nonskewed
bridges with integral abutments. The variation in
design assumptions and length limitations among the
various states in their approaches to the use of
integral abutments is discussed. The problems asso-
ciated with lateral displacements at the abutment
and the solutions developed by the different states
for most of the ill effects of abutment movements
are summarized in the report.

An algorithm based on a state-of-the-art non-
linear finite element procedure was developed and
used to study piling stresses and pile-soil interac-
tion in bridges with integral abutments. The finite
element idealization consists of beam-column ele-
ments with geometric and material nonlinearities for
the pile and nonlinear springs for the soil. An
idealized soil model (modified Ramberg—-Osgood model)
was introduced in this investigation to obtain the
tangent stiffness of the nonlinear spring elements.

Several numerical examples are presented in order
to establish the reliability of the finite element
model and the computer software developed. Three
problems with analytic solutions were first solved
and compared with theoretical solutions. A 40-ft
H-pile (HP 10 x 42) in six typical Iowa soils was
then analyzed by Efirst applying a horizontal dis-
placement (Ag) to simulate bridge motion and no
rotation at the top and then incrementally applying
a vertical load (V) until failure occurred. Based
on the numerical results, the failure mechanisms
were generalized to be of two types: lateral and
vertical. It appears that most piles in Iowa soils
(sand, soft clay, and stiff clay) failed when the
applied vertical 1load reached the ultimate soil
frictional resistance (vertical type of failure). In
very stiff clays, however, lateral failure occurs
before vertical failure because the soil is suffi-
ciently stiff to force a plastic hinge to form in
the pile as the specified lateral displacement is
applied.

Preliminary results from this investigation
showed that the vertical load-carrying capacity of
H-piles is not significantly affected by lateral
displacements of 2 in in soft clay, stiff clay,
loose sand, medium sand, and dense sand. However,
in very stiff clay (average blow count of 50 from
standard penetration tests), it was found that the
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Figure 4. Integral abutment system with pressure relief strips.
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vertical 1load-carrying capacity of the H-pile is
reduced by about 50 percent for 2 in of lateral
displacement and by about 20 percent for lateral
displacement of 1 in.

On the basis of the preliminary results included
in the report, the 265-ft length limitation in Iowa
for concrete bridges with integral abutments was
termed to be very conservative. A summary of state
length limitations for bridges with integral abut-
ments is given below (9):

Max imum No. of States by Bridge Type

Length (ft) Steel Concrete Prestressed
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Missouri

In 1972, the University of Missouri conducted a
survey and feasibility study of integral and semi-
integral abutments (5). The following conclusions
were drawn from the survey:

1. The use of superstructures connected to flexi-
ble substructures was becoming generally acceptable.

2. Design limitations were more restrictive for
steel than for concrete bridges.

3. There was no simple design criterion that
accounted for shrinkage, creep, temperature, or
substructure flexibility.

4. Induced stresses resulting from thermal ef-
fects, creep, shrinkage, backfill movement, and the
like are recognized by bridge engineers as poten-
tially significant, but there is wide variance in
methods of considering them.

5. Bridge design engineers are interested in
induced stresses and associated problems, are gen-
erally uncertain as to the significance of and
suitable methods for consideration of these
stresses, and would welcome a simple, rational
design criterion and specific recommendations as to
design details.

North Dakota

In August 1979, the State of North Dakota built a
450-ft prestressed concrete box beam bridge on a 0°
skew near Fargo. The piles in the integral abut-
ments were instrumented with strain gauges and had
inclinometer tubes attached. Jorgenson of the Civil
Engineering Department, North Dakota State Univer-
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sity, was commissioned to monitor the movements and
strains in the bridge for one year. He had a pre-
liminary report prepared in late summer 1981 (10).
It appears that the maximum total movement at each
end of the bridge is about 2 in. This is equivalent
to a temperature variation of about 117°F.

The installation contains a unique feature de-
signed by Moore Engineering of West Fargo, North
Dakota. A special expansion joint material several
inches thick is placed behind the abutment backwall.
Behind it is a sheet of corrugated metal. The mecha-
nism is designed to reduce passive earth pressures
on the abutment and to help reduce the formation of
a void space on contraction of the superstructure.
The system is shown in Figure 4 (10).

South Dakota

In 1973, South Dakota State University conducted
full-scale model tests on integral abutments to
determine induced stresses in the superstructure and
the upper portion on the piling (1). The model
consisted of two HP 10 x 42 steel piles on 8.5-ft
centers cast into a rigid concrete abutment with two
plate girders about 26 ft long. The 32-ft piles
were driven into silty clay over glacial till to a
bearing capacity of 23 tons. The pile tops were
welded to the bottom flanges of the girders.

Various lateral displacements within *1 in were
induced at the abutment by jacking at the free end
during four construction stages. The results of
interest are with the slab and backfill in place.
Strains in the piling corresponding to stresses of
up to 42 ksi were measured. Thiz occurred just below
the bottom of the concrete abutment. Several con-
clusions were drawn by the investigators (they were
referred to as qualitative results that would re-
quire further verification):

1. Stresses were induced in the girders that in
some cases were additive to dead and live 1load
stresses. The induced stresses were generally within
the 40 percent overstress allowed by the American
Association of State Highway and Transportation
Officials (AASHTO).

2. Horizontal movements greater than about 0.5 in
will cause yielding in the piles.

3. Free-draining backfill 1is recommended since
frozen soil against the abutment can greatly in-
crease induced girder stresses by limiting free
movement.

4. The use of approach slabs that allow rotation
and translation of the abutment and, if possible,
avoid continuing compaction of the backfill by
traffic is recommended.

As part of this study, a questionnaire was sent
to 10 north-central states. Two trends can be
identified when this survey is compared with the
responses of the same states to the survey recently
conducted by Iowa State University (2). Idaho,
Missouri, North Dakota, and South Dakota have sub-
stantially increased their bridge-length limitations
for use with integral abutments. Iowa, Kansas,
Nebraska, and Wisconsin have retained the same
limits. Two states still do not routinely use
integral abutments. Also of interest is the fact
that since 1973 three of the states have begun to
routinely use integral abutments with steel bridges;
four of them already had and one still has not.

SURVEY OF CURRENT PRACTICE ON SKEWED BRIDGES WITH
INTEGRAL ABUTMENTS

As background to a theoretical investigation to
establish tentative recommendations on maximum safe
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Figure 5. Questi ire for sk d bridge with integral Part One. Questionnaire for Skewed Bridges with Integral Abutments.
sbatmbnits; L, If you design skewed bridges with integral abutments, which of the
kinds of pile vrientations shown below do you use in the integral abutments?”

Lf neither, please sketch the type of pile orientation you use.
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2. If you use either orlentation, what structural assumptions are made for
(1) the top of the pile, (2) thermal expansion or contraction (one
direction or both directions) and (3) diagonal thermal expansion or

contraction?

3. When you design skewed bridges with integral abutments, how do you treat
the approach slab, backfill, and pile cap?
4. Any additional comments on skewed bridges with integral abutments?

lengths and skew angles for concrete and steel
skewed bridges with integral abutments, a survey of
the different states was made to obtain information
on the design and performance of such bridges. This
paper summarizes the findings of the survey, includ-
ing

1. Various design criteria and limitations being
used;

2. Typical pile orientations being used in bridge
design by the different states and types of analysis
used for thermal expansion and contraction;

3. Assumptions being made regarding
design parameters;

4. Specific construction details being used, such
as approach slab, backfill, and pile cap; and

5. Long-term performance of skewed bridges with
integral abutments.

selected

Method of Investigation

Responses to previous surveys concerning the use of
integral abutments (2,4) have indicated that most
state highway departments have their own limitations
and criteria in designing integral abutments. The
bases of these limitations and criteria are shown to
be primarily empirical.

Today, the use of integral abutments in design
has been accepted by 28 state highway departments
and the District Construction Office of FHWA Region

15 (2). A survey questionnaire was prepared in
cooperation with the Office of Bridge Design, High-
way Division, Iowa DOT, to obtain information on the
use and design of skewed bridges with integral
abutments. A copy of the questionnaire is shown in
Figure 5.

The survey questions concerned pile orientations
in the integral abutments. The states were asked
what structural assumptions were being made in
determining fixity conditions on pile head and
directions of thermal expansion and contraction of
the integral abutments of skewed bridges. 1In addi-
tion, gquestions included the treatments of approach
slab, backfill, and pile cap. Sketches of different
types of pile orientations in integral abutments
were also included in the questionnaire.

Trends of Responses

Of the 28 responses received, 26 states indicated
that they use an integral type of abutment on skewed
bridges. Among these states, Virginia has designed
its first integral-abutment skewed bridge with a
small skew (10°) and a relatively small anticipated
movement at each abutment (*3/8 in). The states
of Connecticut and Oklahoma indicated that they do
not use integral abutments on skewed bridges. Al-
though Connecticut has not constructed any integral
abutments on a skew, they have constructed one
nonskewed bridge with integral abutment. The other
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state, Oklahoma, indicated that it felt integral
abutments on skews are inappropriate because of the
integral displacement.

One of the purposes of this study is to present
methods of analysis and design details of integral
abutments on skewed bridges. Many of the states
that use integral abutments on skewed bridges pro-
vided useful empirical experience that sheds some
light on this problem.

Summary of Responses

The following discussion of questionnaire responses
received from states that use integral abutments on
skewed bridges is keyed to the survey question
numbers shown in Figure 5. A comprehensive summary
of the survey responses is given in Table 1.

Question 1

The pile orientations in the integral abutments on
skewed bridges shown in the first survey question in
Figure 5 can be classified into two parts: (a) the
web of the pile perpendicular or parallel to the
roadway centerline--e.g., types la and 1lb, respec-
tively; and (b) the web of the pile parallel and
perpendicular to the centerline of the abutment--
e.g., types 2a and 2b, respectively. The responses
indicated that 6 states use type la orientation, 1
state uses type lb, 10 states use type 2a, and 16
states use type 2b. In addition, 3 states use cir-
cular piles (type 3) in integral abutment on skewed
bridges.

One major difference between skewed and nonskewed
bridges with integral abutments is that when both
are subjected to thermal expansion and contraction
the skewed will have thermal-induced biaxial bending
stresses on piles if pile orientation 2a or 2b is
specified. This becomes a three-dimensional analy-
sis problem. For types la, 1lb, and 3, pile orienta-
tions will have the same thermal effects as with
nonskewed integral-abutment bridges (2). The re-
sponses showed that 15 of 26 states have adopted the
pile orientations so that bending will be primarily
about the strong axis.

A second questionnaire was sent out to investi-
gate whether there are any theoretical, experimen-
tal, or empirical bases for the orientation of the
piles and to find out whether any distresses or
problems associated with orientation of the piles
have occurred. The responses received from the
second questionnaire indicated that most states do
not have any clear theoretical, experimental, or
empirical bases.

Idaho officials assumed some creep in the soils
surrounding the piles and that a redistribution of
stresses will occur since thermal forces are gen-
erally applied gradually. In addition, the re-
straint provided by the integral abutment was as-
sumed to reduce the magnitude of the thermal move-
ment; orienting the piles with the strong axis par-
allel to the centerline of the bearings was assumed
to give more rigidity for earthquake loads when
liquification of embankment 1is assumed. Vermont
oriented the piles to resist the force of earth
pressure from the abutment backfill rather than the
force of thermal expansion.

California explained its policy of orienting the
web of piles perpendicular to the centerline of the
abutment (Figure 5) as follows: For a square
bridge, such orientation of piles results in bending
about the strong axis of the piles due to both ther-
mal forces and active soil pressure. When the
bridge is skewed, however, temperature forces would
act along the centerline of the roadway, not par-
allel to the pile web, and active soil pressure
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would act agqainst the strong axis of the pile. A
particular concern is rotational action caused by
the active soil pressure on skewed bridges. Tempera-
ture effects are somewhat compensated for by pre-
drilling for driven piles and filling the voids with
pea gravel or sand.

Colorado respondents replied that they were un-
aware of any distress in the piling. In a few
cases, with cast-in-place, posttensioned bridges
with integral abutments, cracks have been detected
in the abutment wall at the intersection of the
superstructure with the abutment. The state sus-
pected that the cracks are due primarily to the
movements of the superstructure caused by elastic
shortening and creep from the posttensioning forces.

North Dakota has been using this method of build-
ing bridges for about 18 years and so far was un-
aware of any problems.

According to Iowa bridge engineer Gee (3), pile
orientation la is not considered in design because
of construction work difficulty in arranging the
reinforcement in the integral abutments. Thermal-in-
duced biaxial bending stresses on piles can be
avoided by using type 3 circular pipe piles. The
major disadvantages are that their vertical bearing
capacities are usually less than those of the steel
H-piles and they are stiffer than H-piles about the
weak axis.

Question 2

The second survey question, regarding structural
assumptions (Figure 5), revealed the following. Two
states indicated that at the pile top a roller as-
sumption was made, eight reported a pinned assump-
tion, one assumed partial fixity, and eight states
assumed the pile top to be totally fixed. These
assumptions were actually based on the restraint
conditions on the pile top. In Iowa, the pile top
is completely restrained by spiral reinforcement in
the pile cap and total fixity is assumed. For a
pinned assumption, the top portion of piling is
enclosed with a flexible material before casting in
the concrete abutment (3).

Only a few states consider thermal, shrinking,
and soil pressure forces when calculating pile
loads. For a long skewed bridge with integral abut-
ment, temperature-induced stresses become very crit-
ical to the piling load capacities. If pile orien-
tations 2a and 2b are adopted, the thermal expansion
or contraction along the roadway center can be di-
vided into two components, one parallel to the pile
web (transverse) and the other perpendicular to it
(longitudinal). Thus, the piles in integral-abut-
ment skewed bridges will be subjected to biaxial
bending due to thermal movement. It is also possi-
ble that in long skewed bridges diagonal thermal
expansion and contraction will cause a serious prob-
lem. However, none of the states indicated concern
about it. The following are some of the remarks
made regarding thermal effects on integral abutments
on skewed bridges:

1. Assume that the pile is fixed a certain depth
below the bottom of the pile cap and any thermal
movement is accomplished by bending in the pile.

2. Thermal expansion parallel to the pile cap can
be resisted by the friction force between the back-
fill and the end wall.

3. For large skews, one state batters selected
piles (say, every other pile) 3 in/ft to resist ro-
tation caused by road £ill against the abutment
backwall.

4, Use shear keys on the bottom of the pile cap
to prevent lateral movement of the pile cap on ex-
treme skews (*40°).
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Pile Orientation

Structural Assumption

Thermal Expansion and Contraction

Design Consideration

State la b 2a 2b 3 Pile Head Longitudinal Transverse Diagonal  Approach Slab Backfill Pile Cap Comment
Arkansas - - - - - - - - - - - - -
Arizona No No No Yes No Roller Yes (due to  Restrained No Tied to abutment  No No -
roller) by abut- with dowels and
ment cap moves back and
forth with super-
structure
California No No No Yes No Hinge No No No - - - Battered piles
used to resist
active earth
pressure
Colorado Yes Yes Yes Yes No - - - - Bridge length No No Steel bridge
>200 ft, use ap- <250 ft; con-
proach slab crete bridge
<350 ft;no
problem in
skew; use pre-
drilled over-
sized hole
Connecticut No No No No No No No No No No No No -
Georgia Yes No No No No Free trans- Yes Yes No Expansion joint - - -
lation; free between ap-
rotation; proach slab and
roller bridge slab
Iowa No No Yes No No Fixed Yes No No Neglect Neglect Neglect Conservative
design
Idaho No No Yes Yes No Fixed Yes Yes - Expansion joint Use free- Rigid pile Skewed three-
specified be- draining  cap span steel
tween rigid pave-  granular girder bridge
ment and ap- material with integral
proach slab; no as backfill abutment was
special treatment built; rota-
specified for flexi- tional forces
ble pavement from lateral
earth pressure
on end wall
caused failure
in pier anchor
bolts on ex-
terior girder
Indiana No No No Yes No Hinge No No No 20-ft approach Use Pile cast 150 ft maxi-
slab integrally select in pile mum
attached to granular  cap 1 ft
bridges fill
Kansas No No Yes Yes No Hinge Yes Yes No Uses slab support  Backfill Pile caps  Cast-in-plate
at backwall and compac- notused bridges with
pavement rests tion has end of steel
on slab with settle- beams into
about 30 ft from  ment just abutment
end of wearing off end concrete, re-
surface of bridge inforcing to
make them
essentially in-
tegral
Kentucky Yes No No No No Partially Yes No - No special treat- Special - Bridge length
restrained ment with flexi- granular 300 ft, max
ble pavement backfill skews <30°,
speci- pile prebored
fied for distance
of 8 ft before
bottom of
pile cap
Missouri No No No Yes No Fixed No No No - - Use shear Piles designed
key on for direct
bottom load only:
of pile <500 ft for
cap to prestressed
prevent bridges,
lateral <400 ft for
move- stee] bridges
ment of
pile cap
on ex-
treme
skews
(x40°)
Montana No No No Yes No No No No No Not fixed to abut- Granular No <30° skews
ment material
as back-
fill
North Dakota No No No Yes No Fixed Yes Yes No Assume approach  Select Abutment Hold skew to
slab has no effect  granular  wall is max of -30°
material pile cap

and is re-
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Table 1. Continued.
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Pile Orientation

Structural Assumption

Thermal Expansion and Contraction

Design Consideration

State la. 1b 2a 2b 3 Pile Head Longitudinal Transverse Diagonal  Approach Slab Backfill Pile Cap  Comment
North Dakota inforced
continued to resist
bending
below
super-
structure
Nebraska Yes No No No No - Yes No No Same as square Select Abutment 15° skew for
bridges with in- granular  wallis pile integral abut-
tegral abutments material capandis ment
reinforced
to resist
bending
below
super-
structure
New Mexico No No Yes No No Fixed Yes No No Used on some Do not - Have built
bridges and not use bridges with
on others specified 15° skew;
backfill skew angle
anymore neglected
New York No No Yes No No - No No No Construction joint Granular No Neglect stress
provided between  fill be- caused by
approach slab and  hind rotation, de-
bridge slab backwall signed to take
and wing vertical load
walls only; in
skewed
bridges, ne-
glect some
twisting in-
duced in piles
when gtruc
ture deflects,
use predrilled
oversized
hole
Ohio No No Yes No No - No No No Tie approach slab  Same as Pile cast  Oil country
to abutment noninte-  in pile pipelines not
gral abut- cap 2 ft used in inte-
ments gral abut-
for usual ments be-
short cause they
bridge are stiffer
than H-piles
about weak
axis
Oklahoma No No No No No - - - - - - - Integral abut-
ments only
with zero
skews
Oregon No No No Yes No Hinge - - - Approach slab was - Pile cast -
tied to pile cap in pile
cap 1 ft
South Dakota Yes No Yes No No Fixed Yes No No Tied with bridge - No =
to prevent ero-
sion of shoulder
Tennessee No No No Yes No -~ Yes No No Construction joint No No -
between abut-
ment backwall
and approach
slab
Utah No No No No Yes Hinge . B . Expansion joint 96 per- No Steel piles used
between ap- cent of primarily
proach slab and optimum through gran-
bridge slab ular material
over bed
rock; no
problem in
thermal
movements
Virginia No No Yes No No Fixed No No No No approach slab  Used 1.5 Uniform  Max skew 10°;
ft of width relatively
porous and small move-
backfill parallel ment at each
with to abutment
0.5-in bridge (+3/8 in)
diameter skew
pipe un-
derdrain
Vermont No No No Yes No Fixed Yes No No Approach slab No spe- Rigid <30° skew
anchored to cial treat- pile cap
abutment ment
Washington Yes No No Yes Yes Hinge Yes No No Approach slab at-  Backfill Designed  Calculate mo-
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Structural Assumption

Pile Orientation

Thermal Expansion and Contraction

Design Consideration

State la. 1b 2a 2b 3 Pile Head Longitudinal Transverse Diagonal  Approach Slab Backfill Pile Cap Comment
Washington tached to abut- earth as cross ments of in-
continued ment with allow- pressure beam on  ertia along

ance for expan- applied simple roadway cen-
sion normal supports  ter
to abut-
ment
Wisconsin No No No Yes Yes - No No No Designed for verti- = Designed  Piles designed
cal load only as re- for vertical
inforced loads <30°
contin- for slabs;
uous <15° for pre-
beam stressed or
over pil-  steel girders
ing
Wyoming No No No Yes No Plastic hinge Yes Yes No Neglect Neglect Assumed  Max length
tobea <300 ft
mass at-
tached to
end of
girder
FHWA Region15 No No Yes No No Hinge No No No - - Pile cast -
in pile
cap 1 ft

5. If the bridge design has a small skew (<10°)
and a relatively small anticipated move- ment at
each abutment (£0.375 in), no special con-
sideration need be given beyond that of a 0° skew
condition.

Question 3

Most states indicated that a free-draining granular
material is used as backfill behind the abutment.
One state uses 1.5 ft of porous backfill from sub-
grade to bottom of integral abutment along with 6~
in-diameter pipe underdrain. Beyond that, normal
material available at the job site is used. Some
respondents, however, indicated that backfill com-
paction has always been somewhat of a problem with
settlement just off the end of the bridge. Other-
wise, no special treatment has been used. Several
states indicated that rigid pile cap has been used,
and pile was cast into pile cap 1-2 ft long. Two
states indicated that pile cap is designed as rein-
forced continuous beam over the piling.

The survey responses show, in general, that the
approach slab can be tied to the abutment with
dowels and can move back and forth with the super-
structure if a construction joint is provided be-
tween the approach slab and the bridge slab. The
reply from South Dakota stated that at least one
approach slab panel with curb-and-gutter section
attached to the bridge end is necessary to prevent
erosion of the shoulder behind the abutment wing.
One state indicated that, whereas its criteria
specify an expansion joint between rigid pavement
and the approach slab, no special treatment is
specified for flexible pavement. In Colorado, the
approach slab was used if the bridge length was
greater than 200 ft.

Question 4

The following are some additional comments on skewed
bridges with integral abutments:

1. Some of the piles in the abutment have to be
battered to resist the active earth pressure acting
behind the abutment.

2. Rotational forces from the lateral earth

pressure on the end walls cause a failure of the
pier anchor bolts on the exterior girders.

3. For a cast-in-place bridge, the end of steel
beams may be cast into the abutment concrete, rein-
forcing to the extent that they are considered
essentially integral.

4. Piles may be prebored for a distance of 5-20
ft below the bottom of the pile cap.

5. Because the piles are oriented to allow bend-
ing about the weak axis, any stresses caused by
rotation will only occur in the outermost £flange
fibers and not the web and center portions of the

flanges. When the abutment is skewed, some twisting
may be induced in the piles when the structure
deflects, but this can be assumed to be of a minor

nature and may be neglected.
SUMMARY AND CONCLUSIONS

Previous research work in the area of integral
abutments includes surveys of detailing and design
criteria used by the state highway agencies, full-
scale model tests, and monitoring of the performance
of actual bridge installations. The present survey
responses indicated that 26 states use integral-type
abutments on skewed bridges. Most states design
integral abutments on skewed bridges based on em-
pirical experience and no theoretical analysis is
introduced in design.

For integral abutments on skewed bridges, 15
states orient their piles with the web of the piles
perpendicular to the centerline of the abutment
(type 2b) so that bending will be primarily about
the strong axis. Thus, thermally induced biaxial
bending stresses will be introduced into the piles.
But the survey responses show that most states ig-
nore the thermally induced bending stress due to
transverse thermal movement. Kansas indicated that
transverse thermal movement can be eliminated by
using shear keys on the bottom of the pile cap. The
major reasons given for using pile orientation 2b
are as follows:

1. The restraint provided by the integral abut-
ment will reduce the magnitude of the thermal move-
ment. Orienting the pile with the strong axis par-
allel to the centerline of the bearings gives more
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rigidity for earthquake loads when liquification of
embankment is assumed.

2. Thermal expansion is actually very small, and
the backfill material around the abutment and the
piling seems to yield sufficiently so that no dis-
tress is apparent. The piling was oriented to re-
sist the force of earth pressure from the abutment
backfill rather than the force of thermal expansion.

3. Temperature forces would act along the center-
line of the roadway, not parallel to the pile web,
and active soil pressure would act against the
strong axis of the pile. Temperature effects are
somewhat compensated for by predrilling for driven
piles and filling the voids with pea gravel or sand.

No special treatments are usually given to back-
£fill and pile cap on skewed bridges, and they might
be constructed in the same way as on nonskewed
bridges. As for the approach slab, it can be tied
to the abutment with dowels or an expansion joint
may be provided between the approach slab and the
bridge slab. Some states put an expansion joint a
certain distance behind the approach slab. In this
case, the approach slab will act integrally with the
abutment.

It has been more than 15 years since the first
integral abutments on skewed bridges were con-
structed. No serious problems or distresses have
yet been discovered. In view of the lack of theo-
retical and experimental research in this area, it
is hoped that this survey will provide some useful
empirical experience and information on the design
of skewed bridges with integral abutments.
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Behavior of Abutment Piles in an Integral Abutment
in Response to Bridge Movements

JAMES L. JORGENSON

A field study of the behavior of abutment piles for a bridge that has integral abut-

ments, piers, concrete box girders, concrete deck, and six 75-ft spans is discussed.
To compensate for anticipated thermal movements, two unique features were
built into the bridge. Expansion joint material was placed between the back side
of the abutment and the soil backfill, and compressible material was placed on
the webs of the abutment piles to create low soil r to pile it
Over a one-year period, monthly readings were taken of bridge length (by using
steel tape), gap between soil backfill and back side of abutment, openings in the
expansion joints on the concrete approach slabs, vertical elevation of abutments
and piers, slope indicator readings on the four corner abutment piles, and tem-
peratures of concrete deck and air. A formula involving air temperatures was
developed to estimate the maximum change in bridge length due to thermal
changes. The changes in bridge length agree with changes measured from steel

tape and ex| joint op The study concluded that these changes did
not result in equal abutment movements at each end of the bridge, and the maxi-
mum abutment movement resulted in stresses at the top of the piles sufficient

to initiate a yield stress in the steel but not sufficient to form a plastic hinge.

An analytic model was used to predict stresses in the abutment piles due to move-
ments of the abutments.

Bridge engineers recognize that changes in air tem-
perature result in changes in the temperature of
bridge materials, which in turn result in movements
of the bridge. So long as the bridge components
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(girders, piers, and abutments) are not restrained
from movement, the movements do not create stresses
in the bridge. However, if the girders, piers, and
abutments are integral, thermal movements result in
stresses in those bridge components. The bridge
designer must then elect to use expansion joints, an
integral structure, or some combination of the two.

My own observations and those of others (1) indi-
cate that in many cases the expansion devices do not
function as assumed by designers. This behavior has
interested designers in eliminating the expansion
devices and considering the use of integral struc-
tures.

A survey of bridge designers on the use of
integral-abutment bridges (2) indicates that the
maximum bridge length without an expansion joint is
400-450 ft for concrete structures. In addition,
the induced stresses from thermal effects are recog-
nized as being potentially significant.

The North Dakota State Highway Department has
been using integral abutments on structures up to
350 ft in length. However, the Department is con-
cerned about the magnitude of thermal movements and
resulting stresses in long bridges. To respond to
this need, the Department contracted with the Engi-
neering Experiment Station of North Dakota State
University to study the behavior of a 450-ft
integral-abutment bridge in Cass County (see Figure
1).

The bridge studied is on Cass County Road 31,
about 2 miles north of Fargo, and provides a cross~
ing of the Cheyenne River. Construction took place
between July 1978 and August 1979. In 1978 the old
bridge was removed, rough grading was completed, all
piles were driven, abutment and pier caps were
poured, and the prestressed concrete girders were
placed. 1In addition, at least one pier diaphragm
and one intermediate diaphragm were poured. Work on
placement of the concrete deck began in the spring
of 1979, and the deck was poured in July. The re-
maining items were completed in time for the August
1979 opening to traffic.

The Cass County Bridge is a 450-ft-long concrete
bridge with integral abutments and piers. There are
no expansion joints on the bridge, but expansion
joints are located in the approach slab about 30 ft
from each end of the bridge.

A transverse section through the bridge deck is
shown in Figure 2. Prestressed concrete box girders
were used to support a poured-in-place concrete
deck. The girders and deck were designed to act as
a monolithic unit even over the piers (see Figure
3). The concrete curb is tied into the concrete
deck; however, the curb does have expansion joints
at 15-ft intervals.

Continuity at the piers is also shown in Figure
3. The steel pile, pier cap, diaphragm, concrete
girder, and concrete deck were all reinforced to
behave as a single unit. For the center three
piers, the piles are oriented with their strong
direction of bending in the longitudinal direction
of the bridge. A concrete wall was placed between
the pile in each pier. The piles in the piers ad-
jacent to the abutments have their weak direction of
bending in the longitudinal direction of the bridge.

A section through the abutment is shown in Figure
4. As with the piers, the pile cap, diaphragm, con-
crete girder, and concrete deck are reinforced to
act as a single monolithic unit. The pile is ori-
ented with its weak direction of bending in the
longitudinal direction of the bridge and is rein-
forced within the abutment cap and diaphragm to
transmit the full plastic movement of the pile. 1In
anticipation of thermal changes in the length of the
bridge, a pressure relief system was set up between
the back side of the abutment and the backfill
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goil. The system consists of 3-1/3-in-wide by 4-in-
thick pressure relief strips placed vertically at
about a 4-ft spacing on the back side of the abut-
ment. Corrugated metal was used to retain the gran-
ular backfill behind the pressure relief strips.
The material used for pressure relief strips was
"Pressure Relief Joint", manufactured by W.R.
Meadows. According to data sheet 324 on this prod-
uct, the material will recover 96 percent of its
thickness after being compressed to 50 percent of
its thickness.

To permit longitudinal movement of the abutment
Piles without generating significant resistance to
movement, a 2-in layer of compressible material was
Placed on each side of the web of the pile. The
soil was predrilled to a 16-in diameter and a 20-ft
depth. Compressible material was glued to the pile;
after pile driving, the void space was filled with
sand (see Figure 5). The compressible material was
Ray-Lite with a density of 1.25 pcf and a compres-
sive strength of 8-16 psi.

There is an expansion joint in the approach slab
at 20 ft from each end of the bridge. One end of
the approach is tied into the bridge abutment, and
the other rests on the smooth surface of a support-
ing slab. As the bridge changes in length, the ex-
pansion joint will open and close.

The soil profile consisted of a glacial-lake-
deposited clay to a 100-ft depth underlaid by gla-
cial till. The soil profile under the north abut-
ment was as follows: 15 ft of fat clay of medium
stiffness, 6 ft of soft silty clay, 4 ft of stiff
fat clay, 70 ft of fat clay of medium stiffness, and
17 £t of very stiff sandy clay, followed by silty
sand that was very dense. The piles were about 110
ft long and extended into the silty sand.

MEASUREMENTS OF BRIDGE MOVEMENTS

Measurements of bridge movements were taken during
the period from August 8, 1979, through September 7,
1980. Some measurements were taken prior to August
8, but they were not complete sets of data. The
readings were taken at about one-month intervals
except during September 6 and 7, when they were
taken at 6-h intervals. (Because early morning tem-—
peratures will not contain the highest daily temper-
ature, it was decided to take additional readings at
about 6-h intervals over a 24-h period.)

Readings were taken early in the morning just
after daylight. When the sun is shining on the
bridge, the exposed concrete surface increases in
temperature at a higher rate than the remaining con-
crete, Hence, the sun causes unequal temperatures
within the concrete. After sundown, the concrete
temperature is influenced by the current temperature
of the concrete and the air temperature. By day-
break, the air will have had the best possible
chance to equalize the temperature throughout the
concrete. Other researchers have found the tempera-
ture of the concrete to be fairly uniform at day-
break (3).

Change in Bridge Length

The length of the bridge was measured by placing a
500-ft-long steel tape on top of the concrete curb
and measuring the distance between markers, which
were cast into the concrete near the ends of the
curb. The tape length was corrected for temperature
change with the air temperatures taken as the tape
temperature.

One way to determine the change in length of the
bridge would be to sum the movements of the abut-
ments. This is shown in Figure 6 along with the
change in bridge length determined by tape measure-



74

Figure 1. Plan and elevation of integral-ab!

bridge.
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Figure 2. Transverse section through deck.

¢
|

CONCRETE CURB \

2
O O O

BOX GIRDER—

(39" DEEP, 36" WIDE)

712" CONCRETE DECK

=

34’-6"

Figure 3. Longitudinal section through pier.
CONCRETE DECK

1

1

|

GIRDER

/J/ DIAPHRAGM
PIER CAP. (34" DEEP, 18" WIDE)

(36" DEEP, 30" WIDE)

-y

-

STEEL PRE
(HP 10x42)

ment. One line shows the sum of movements in the
expansion joints on the approach slabs. Another
line shows the sum of the changes in gap openings
between the abutment and the backfill. Note that
the readings are about equal except for the tape
readings at 12:00 p.m. Because the expansion joints
are located 20 ft from the end of the bridge,
changes in the temperature of the approach slab will
cause expansion joint readings to be slightly dif-
ferent.

Bridge Temperature

Air temperature versus average concrete deck temper-
ature for the 24-h period 1s shown in Figure 7. Air
temperature (67°) and deck temperature (65°) were
about equal at 7:00 a.m. During the morning there
was a 17° rise in air temperature but only a 5° rise
in deck temperature. The following 6 h brought the
opposite effect--a 10° rise in air temperature and a
23° rise in deck temperature. The same pattern
occurs for a drop in temperature--i.e., the change
in deck temperature lagging the change in air tem-
perature. The 7:00 a.m. readings indicated the deck
and air temperature to be within 2° of each other.
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An interesting question is whether the change in
deck temperature can explain the change in length of
the bridge. Information on this question is pre-
sented in Figure 8. One line represents the change
in bridge 1length determined by tape measurement.
The other line shows a calculated change in length
based on ochange in deck temperature. A thermal
coefficient of 6x10-%/°F was used in the calcula-
tions. Nearly equal changes in 1length occur at
12:00 midnight and 7:00 a.m. the next morning. The
largest difference occurs at 6:00 p.m. The results
suggest that the deck temperature is not the temper-
ature of the entire bridge at least during portions
of the day. The slab is open to the direct sun
while the box girders are shielded from the direct

sun. The lower temperature of the box girders ac-
counts for the reduced change in length of the
bridge. E

Over a one-year period, tape measurements taken
indicate that, for the nine readings shown in Figure
9, the average error in readings was 0.40 in and the
range was 0.0-1.1 in. There is a correlation be-
tween these measurements and the data obtained from
slope indicators fixed to each of the corner piles
in each abutment, although individual slope indica-
tor readings may contain errors.

What are the maximum measured movements of each
abutment during the one-year period? By using the
measured value of the expansion joint opening as the
best indicator for the north abutment movement, a
value of 0.73 in was obtained on February 26, 1980.
With 2.34 in as the change in bridge length for that
date, the south abutment moved 1.60 in. On January
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Figure 6. Change in length of bridge: abutment movements.
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30, 1980, the change in bridge length was measured
by tape to be 0.37 in greater than on February 26,
1980. Hence, the south abutment could have moved
1.96 in depending on the expansion joint opening,
which was not measured that day due to ice in the
joint.

Two sources of temperature measurements were
used: the air temperature and the temperature of
the concrete deck. A plot of these two temperatures
is shown in Figure 10. If the air and deck tempera-
tures were equal, all points would be on the diag-
onal line. The temperatures would not necessarily
be equal since fluctuations in air temperature take
place much quicker than fluctuations in deck temper-
ature. However, the fact that air temperatures de-
creased to less than 17°F while the deck temperature
remained at 17°F is questionable. Did the deck tem-
perature stay at 17°F or did the temperature reading
equipment malfunction in that temperature range?
That question can best be answered by determining
which temperature (air or deck) relates to change in
bridge length.

This information was calculated and is shown in
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Figure 11. Two lines represent the calculated
change in bridge length based on changes in air tem-
perature and deck temperature. The third 1line is
the change in length of the bridge based on tape
measurement. For the two temperatures in question
in January and February, the changes in deck temper-
ature do not account for the changes in bridge
length. Hence, the equipment used to measure deck
temperature malfunctioned at temperatures below
17°F. Figure 11 shows the closeness of change in
length based on air temperature at sunrise.

Temperature Influence on Length

The maximum change in bridge length due to tempera-
ture change can be estimated by first calculating
the change in length from dawn on the coldest day of
the year to dawn on the hottest day of the year and
then adding an estimate of the change in length dur-
ing the hottest day of the year. For the one 24-h
period studied, the dawn air temperature was 67°F
and the maximum air temperature was 94°F. However,
the measured change in length during that air tem-
perature change was about 0.27 in (Figure 6), which
is equivalent to an average temperature change in
the bridge of about 8.3°F. That 1is, for a 27°
change in air temperature, about one~-third of that
change (8.3°) resulted in change in bridge length.

MEASUREMENT OF ABUTMENT MOVEMENTS

Three independent measurements were taken on the
longitudinal movements of the abutments. They were
(a) the gap between the backfill and the abutment,
(b) the opening of the expansion joint on the ap-
proach slabs, and (c) slope indicator measurements
on the piles in the abutments. Do the three methods
provide consistent readings on abutment movements?
That question is answered by the data shown in Fig-
ure 12. Abutment movements from 7:00 a.m. on Sep-
tember 6, 1980, are plotted for each approximate 6-h
interval during a 24-h period. Note that the aver-
age backfill to abutment gap and average expansion
joint openings provide nearly equal displacements
whereas the displacements from the average of the
slope indicator readings are much larger. Two rea-
sons are suggested as to why the slope indicator
readings do not agree with the other readings. The
first is that the slope indicator displacements are
calculated on the assumption that the deflection of
the pile at the 35-ft depth does not change. A sec-
ond reason is that each displacement at the top of
the pile (actually 3 ft below the deck surface) re-
sults from the difference among 18 sets of read-
ings. If any one of those readings were in error,
the displacement would be in error.

Movements Between Abutments and Soil Backfill

As Figure 4 shows, there is a partial void space
between the solid side of the abutment and the back-
£ill. This void space is held open by using pres-
sure relief strips between the abutment and the
backfill. When the abutment was poured, four steel
pipes were cast in the form to provide openings
through the abutment into the void space. The width
of the opening of the wvoid space is measured by
placing a rod through the opening in the abutment
and measuring the extension of the rod from the
abutment to the corrugated steel. Four readings
were taken on each abutment.

As stated earlier, there is an expansion joint in
the approach slab at each end of the bridge. Mea-
surements were made on the size of openings in the
joint at the north end of the bridge. Three read-
ings were taken, one on each side and one in the
middle of the slab.
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Figure 9. Change in length of bridge ovor one year.
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Vertical Movement and Displacement of Abutments,
Piers, and Piles

To determine any changes in the elevation of the
piers and abutments, two permanent benchmarks were
constructed and a level circuit was run each time
bridge data were collected. Elevation changes over
the vear were less than 0.03 ft.

A slope indicator casing was attached to each
edge pile of each abutment. Readings were taken
periodically to measure the slope of the pile.
These slopes were used as a measure of pile movement
as well as of bending stresses in the pile.

The casing extended from the top of the concrete
deck to depths of 31-35 ft and had pairs of grooves
in perpendicular planes. One pair of grooves was
oriented to the weak plane of the pile. The casing
was placed on the piling by holding angles welded in
place before pile driving. When the driving was
completed, a section was added to the casing that
permitted it to extend to the top surface of the
concrete deck. The slope indicator casing was en-
cased in concrete throughout the height of the abut-
ment.

The series 200-B slope indicator instrument from
the Slope Indicator Company was used to measure the
slope or the casing. All readings were taken at
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Figure 12. Abutment movements over one day,
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2-ft intervals with the instrument in the plane of
weak direction of the pile, which is also the longi-
tudinal plane of the bridge. 1If, at a particular
point on the casing, the slope changes with time,
that is an indication of pile movement. The magni-
tude of pile movement between any two slope readings
is determined by multiplying the length of the pile
between readings by the change in slope of the lower
reading. If it is asoumed that there is no movement
at the bottom end of the pile, then the displace-
ments at each reading point along the casing can be
assumed to determine the displaced position for the
casing.

MEASUREMENT OF STRESSES IN PILES AND
CONCRETE TEMPERATURE

To determine the bending stresses in the piles,
electrical resistance strain gages were attached to
the two edge piles on the north abutment, wired, and
moisture-protected in the laboratory. After the
piles were driven, the wires were placed in plastic
pipe inside the concrete and brought to a junction
box encased in the abutment wing wall. Stable read-
ings were observed in the laboratory check of the
gages and again in the fall of 1978 after the abut-
ment was poured. The next spring the area was
flooded to a level above all the strain gages. Fol-
lowing the flood, the readings for most gages would
not stabilize. Due to the erratic readings, the
electrical resistance strain gage data were not used.

Four thermocouples were installed in the concrete
deck. They were of copper constantan material man-
ufactured by Honeywell. A Model 199-1F digital
thermometer manufactured by Omega Engineering was
used to read the temperature. The thermocouples
were checked for accuracy at 40°F and 70°F. The
thermocouples were located midway between the edge
and adjacent girders at about 25 ft from each end of
the bridge.

The thermocouples were installed by first forming
a void space in the slab. When the slab forms were
removed, the thermocouples were inserted and the
remaining space was filled with concrete.

ANALYTIC MODEL DEVELOPED TO MEASURE STRESSES IN PILES

A secondary objective of this bridge study was to
develop a model to measure the stresses in the abut-
ment piles. Pile stresses depend on the relative
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Figure 13. Model for calculating pile stresses.
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stiffness of bridge, abutment, pile, and soil as
well as the abutment and pile movement and method of
pile installation. To analyze this situation, it is
necessary to devise mathematical models that de-
gecribe the behavior of each element in the problem.

The model used is shown in Figure 13. Fiqure 13a
is a sketch of the real structure that shows the
bridge girder, abutment, piles, soil line, and first
pier. The gap between the abutment and the backfill
soil is also shown. Figure 13b illustrates the
mathematical model. The beams are on rollers in
order to place a specified displacement in the abut-
ment. Il represents the moment of inertia of that
portion of the bridge deck that reacts with a single
pile, and I2 is the moment of inertia of an equiva-
lent portion of the abutment. 'The moment of inertia
of a single pile is represented by I3. The model is
considered to follow elastic behavior.
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The remaining parameter in the model is the mod-
ulus of subgrade reaction, which is represented by
the symbol KS. The modulus of subgrade reaction is
a measure of the load-deformation relation for
soil. It is the ratio of the stress on a loaded
plate divided by the magnitude of the displacement
of the plate into the soil. Bowles (4) indicates
that the best method of obtaining the KS for the
soil is to conduct a lateral load test on the pile.
In this case a load test was not conducted. Other
estimates are that, for clays, KS is primarily de-
pendent on the unconfined compressive strength of
the clay. Soil tests in the region of the pile
under study give an average unconfined compressive
strength of 1.50 kips/ft?. This was multiplied by
72 (from Bowles) to obtain a modulus of subgrade
reaction in kips per cubic foot. After changing to
pounds per cubic inch (pci) units, 60 pci was used
where the pile was in contact with clay.

The KS for that portion of the pile with compres-
sible material attached to the web depends on the
load-displacement relations for the compressible
material, the sand around the pile, and the clay
around the sand. Load-displacement tests were run
on the two 1l-in-thick layers of Ray-Lite. For a
displacement up to 0.17 in, the KS was 42 pci; for
displacements from 0.17 in, the KS was 13 pci.
Load-displacement tests were not run on the sand or
clay. The K8 for the combined materials will be
less than what it is for any one of the materials.
With that as background, two values of KS--2.5 and
10.0 pci--were used as estimates where compressible
material was attached to the pile.

Pile Displacement

Earlier it was pointed out that the maximum recorded
movement for the south abutment occurred on January
30, 1980. The movement of the west pile on the
south abutment for that date is plotted in Figure 14
along with calculated pile movements by using the
model shown in Figure 13 and different values of
modulus of suhgrade reaction.

The left side of Figure 14 indicates the location
on the pile measured from the bottom of the concrete
in the abutment. That point is about 8 ft below the
roadway. Measurements of pile displacements were
taken with the slope indicators to a depth of 24 ft
below the bottom of the concrete. The calculation
mode was extended to 35 ft below the bottom of the
abutment concrete. Modulus-of-subgrade-reaction
springs were placed at a 2-ft spacing along the
pile. The left side of the figure indicates the
range in depth over which the two modulus-of-
subgrade reactions apply.

The solid line indicates the measured location of
the pile on January 30, 1980. The remaining four
lines are calculated pile movements based on dif-
ferent values of KS. All calculated movements are
based on a 1.96-in movement of the top of the abut-
ment. Movement will extend over the entire length
of the pile if the soil provides very little resis-
tance to the movement--i.e., a low modulus of sub-
grade reaction, as shown by curve E. 1In contrast,
for high values of KS (60 pci in both regions), the
pile movements are very small, as shown by curve A.
Curves C and D are for what was considered to be
reasonable values for the subgrade modulus--i.e.,
from 2.5 to 10 pci for the top 20 ft of pile and 60
peci for the remaining depth. Note that curve C
closely matches the measured pile movement down to
the 9-ft depth. Models could be developed to obtain
closer agreement at lower pile depths, but this was
not pursued since the pile stresses at those depths
are likely to be less than those near the top of the
pile.
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Figure 15. Bending moment in pile,
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Figure 16. Comparison of calculated, yield, and plastic moments.
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Pile Stresses

Pile bending moments for four sets of soil constants
are shown in Figure 15. For the more firm soil
(KS = 60 pcl), the maximum moment is 1842 kip-in.
The maximum moment at the top of the pile is con-
trolled primarily by the modulus of subgrade reac-
tion KS1. Holding KS1 constant and doubling KS2
will have less than a 5 percent influence on the
maximum moment. At the top of the pile, the maximum
moment causes tension on the inside edge of the
flange. Going down the pile, the moment goes to
zero and increases to cause tension on the outside
edge of the flange. These maximum moments are about
23 percent of the top maximum moments and occur at
7-10 £t below the top of the pile.

Bending moments are related to bending stress by
F = M/S, where F is the bending stress, M is the
bending moment, and S is the elastic section modulus
for the pile. HP1l0x42 piles were used in the abut-
ment with the minor axis of the pile in line with
the longitudinal axis of the bridge. The elastic
section modulus for the pile is 14.2 pci. Based on
the maximum bending moments from Figure 15, the max-
imum bending stresses are 9.6, 33.4, 59.3, and 129.7
ksi. Since some of these moments are beyond the
yield strength for the steel, the assumed elastic
behavior for the analysis model was not correct.

Bending moments for that case that most closely
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fits the actual pile deflections are shown in Figure
16. The lower portion of Figure 16 shows a plot of
the calculated moment in the pile, and the upper
portion shows a plot of the range in moments to
cause yielding in the pile for different yield
strengths of steel. The yield moment occurs when
the outer fiber of the flange reaches the yield
stress. The plastic moment occurs when the strain
has been sufficient to cause yielding at middepth of
the member. The guaranteed minimum yield strength
(Fy) for the pile steel was 36 ksi. Very little
steel would be produced at that level, and the aver-
age value would be closer to 40 or 44 ksi. If 44
ksi is used as the yield strength of the steel, then
yielding took place in less than the top 1 ft of the
pile, and at the top of the pile the yielding was
only on each outer one-fourth depth of the flange.

Are the calculated stresses in Figure 16 correct,
since the model was based on an elastic analysis and
the stress near the top of the pile was beyond the
elastic 1limit? The error is believed to be minor
because the yielding was not sufficient to form a
plastic hinge.

CONCLUSIONS

Based on the one year of measurements at the bridge
and study of the data, the following conclusions
were made:

1. The maximum change in length of the bridge
due to thermal change can be estimated by using a
temperature change equal to

DT =TI -72+(T3-T1)/3 (1)
where
Tl = air temperature at dawn on the hottest day,
T2 air temperature at dawn on the coldest day,

and
T3 = maximum air temperature on the hottest day.

2. The above change in bridge length agrees well
with changes in lenyth determined from tape measure-
ment and measurements of openings in expansion
joints.

3. The change in bridge length did not result in
equal movement at the two ends of the bridge. At
the point of maximum bridge shortening, the south
abutment moved in 1.96 in and the north abutment
moved in 0.74 in from their initial August positions.

4. 1In one year, the gap between the abutment and
the backfill closed about 0.5 in on the north abut-
ment and 0.75 in on the south abutment.

5. The vertical movements of the abutments and
piers were nearly zero.

6. The method of measuring pile stresses
failed. However, pile stresses were calculated and
resulted in pile displacements that matched those
from the slope indicator measurements. For the max-
imum measured abutment movement of 1.96 in, the
stress at the top of the pile was sufficient to
initiate a yield stress in the steel but not suffi-
cient to cause the formation of a plastic hinge.

7. An analytic model was wused to predict
stresses in the piles due to movements of the abut-
ments. The two parameters that have the most influ-
ence on pile stresses are the amount of abutment
movement and the modulus of subgrade reaction near
the upper portion of the pile.
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Effective Coefficient of Friction of Steel Bridge Bearings

ALt MAZROI, LEON RU-LIANG WANG, AND THOMAS M. MURRAY

A study to determine experimentally the effective coefficient of friction of four
classes of steel bridge bearings used by the Oklahoma Department of Transpor-
tation is reported. As-built, rusted, and in situ (debris at the moving surfaces}

conditions were tested by using full-scale bearings under normal loads to 250 000

Ib. In addition, the effects of manufacturing tolerances on bearing performance
were analyzed. From the tests it was found that unturned pipe rollers exhibit
the lowest effective coefficient of friction of the four rolling devices tested. For
turned pipe rollers it was found that the equivalent coefficient of friction is a
function of the amount of horizontal movement from the centerline. A geomet-
ric explanation was devised, and excellent agreement between predicted and
measured results was achieved. Tests with a pintle rocker showed that fabrica-
tion inaccuracies, especially in the sole plate socket radius, can significantly af-
fect the performance and effective coefficient of friction of the bearing. In all
cases, tests with rusted bearing plates or with sand spread over the lower bearing
plate showed significant increases in the effective coefficient of friction.

Expansion and contraction caused by temperature
changes, deflection, relative support settlement,
creep, and other factors will produce motion in a

bridge. The movement is very slow, but the forces
involved can be tremendous and usually are accommo-
dated by bearings at piers or abutments. If the
bridge does not have the ability to move, because
either it does not have a bearing or the bearing is
not working, it pushes and tears at its supports
until it achieves the ability to move.

Even if the bearing is working properly, hori-
zontal force is transmitted to the pier or abutment
through friction caused by relative motion of the
bearing parts or by eccentric loading of the bearing
as found in certain "pipe" bearings. This force
must be accommodated in the design of the supporting
structure; if not, structural damage can occur.

The purpose of this study was to determine exper-
imentally the effective coefficient of friction of
several classes of bridge bearings used by the Okla-
homa Department of Transportation (ODOT). Both as-
built conditions and simulated conditions, as found
after several years of use, were used in the testing
program. A thorough literature search revealed that
very few studies of the behavior of complete bearing
assemblies have been conducted and that specifica-
tion provisions have been based on classic values of
coefficients of friction between sliding parts with-
out regard to effects of manufacturing tolerances or
environmental effects. This study is an attempt to
assess these effects and to provide guidelines to
establish accurate estimates of horizontal force
requirements for the class of bearings tested.

For the purpose of this study, the effective
coefficient of friction (pgfg) is defined as

Mess = F/N ®

where F is the horizontal force to overcome the
resistance to allow motion and N is the normal force
applied to the bearing. The value of F was deter-
mined experimentally for the entire assembly for an
applied normal force N, from which pgep is cal-
culated.

BACKGROUND

Many types of bearing devices are used to accommo-
date bridge movement: single rollers, groups of
rollers, rockers, elastomeric pads, sliding plates,
sliding tetrafluorethylene (TFE), etc. In general,
bridge bearings can be classed in two categories:
elastomeric and mechanical (l). According to a
recent National Cooperative Highway Research Program
synthesis on the design, fabrication, construction,
and maintenance of bridge bearings (2), the elasto-
meric bearing pad is perhaps the best expansion
bearing because it is unaffected by weather (e.g.,
it bas no moving parts to freeze), has nothing to
corrode, is low in cost, and requires almost no
maintenance. However, elastomeric bearing pads are
limited to 700 psi for vertical load capacity and 3
in for horizontal movement and their success depends
on the quality of the material. On the other hand,
for mechanical bearings the movements and rotations
are accommodated by rolling, rocking, or sliding
actions, usually on metal parts that can accommodate
much larger bearing pressures. Furthermore, mechan-
ical bearing devices can be designed for virtually
unlimited horizontal motion (2).

One of the simplest types of mechanical bearing
is the roller or "pipe roller", simply a piece of
steel pipe with a stiffener as shown in Figure la.
The load-carrying capacity of the roller is a func-
tion of its radius and can be found from the follow-
ing formula (3): For diameters up to 25 in,

P = [(F, - 13 000)/20 000] 600 d @)
and for diameters from 25 to 125 in,
P = [(F, - 13 000)/20 000] 3000 +/d 3)
where

P = allowable bearing (lb/linear in),

d = outside diameter of the roller (in), and

Fy = minimum yield point in tension of the steel

in the roller or bearing plate, whichever is
the smaller (psi).
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Figure 1. Roller expansion bearing.
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For a roller diameter of 12 in and a length of 12
in, the capacity of a single roller is slightly less
than 100 000 1lb. The principal advantage of this
type of roller is the low effective coefficient of
friction--generally less than 0.01 (4).

To increase load-carrying capacity without in-
creasing the diameter, a single roller can be ma-
chined (turned) to increase the radius at the con-
tact surface as shown in Figure 1lb. This type of
roller, which in this paper is called a "turned
roller”, has geometric properties that cause a high
horizontal resistance. The equivalent effective
coefficient of friction of a turned roller is a
function of the amount of movement.

Rollers can be used in combination to increase
load-~carrying capacity, as shown in Figure lc. Be-
cause roller nests only work well when they are
clean, maintenance 1is required. Furthermore, this
type of bearing is relatively expensive.

Several different types of rockers are used as
expansion bearings: for instance, the segmental
rocker, pinned rocker, and pintle rocker shown in
Figures 2a, 2b, and 2c, respectively. The double-
segmented rocker shown 1n Figure 3 has been de-
scribed as a "modern rocker bearing for long steel
girders™ (2). Because the radius of this rocker is
greater than half the depth, the resisting force
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(equivalent friction force) would be tremendous for
large movements.

Very few experimental studies of full-scale
bridge bearings were found in the literature. Spec-
ification requirements seem to have been developed
from classic values of friction coefficients and
from experience. Jacobson (5) has concluded that
certain pin-connection details can accumulate rust
between the contact surfaces of the pin and the
housing. Resulting increased horizontal forces can
cause major structural damage to the main supporting
members of a bridge. Laboratory tests of models
similar to these bearings showed that the life of
the bearing can be improved by using a case-hardened
pin and by lubricating the bearing with a heavy-duty
grease. Jacobson concluded that the use of pin-
connected details subjected to large rotations and
the use of untreated, corrosive mild steels should
ba avoided.

Chang and Cohen (6) have suggested coefficients
of friction of 0.2 for steel bearing on steel, 0.1
for steel bearing on self-lubricating bronze plate,
and 0.06 for polytetrafluorethylene (PTFE) on PTFE
or stainless steel. For rocker-type bearings, they
suggest that the force be calculated based on a 20
percent friction coefficient but reduced in propor-
tion to the radil of the pin and rocker as shown in
Figure 4.

British Standard 153, Specification for Steel
Girder Bridges, specifies the coefficients of fric-
tion for sliding bearing as 0.25 for steel on steel
or cast iron and 0.15 for steel on copper alloy.
The coefficient of friction with one or two rollers
is taken as 0.01.

Jacobson (7) has conducted experimental work to
investigate the potential use of TFE as a sliding
surface. He concluded that the TFE bearings are
suitable for use as highway bridge bearings. A sub-
stantial increase in the coefficient of friction for
filled TFE was found after 7000 cycles of testing.

Taylor (8) has found that the coefficient of
friction of PTFE is influenced by a number of param-
eters, including pressure across sliding surfaces,
rate of movement, presence or absence of lubrica-
tion, previous loading-movement history, and temper-
ature. The coefficient of friction decreased with
higher compressive stress across the bearing but
increased slightly at lower temperatures.

SCOPE OF RESEARCH

Because few published data are available on the ef-
fective coefficient of friction of standard bridge
bearings, a testing program was undertaken to inves-
tigate the performance of several types of standard
ODOT bearings under several conditions. Mechanical
bearing types were as follows:

l. Typical single roller bearing (Figure la),

2, Typical single turned roller bearing (Figure
1b) ,

3. Typical pinned rocker shoe (Figure 2b), and

4. Typical pintle rocker bearing (Figure 2c).

To determine the effect of environmental changes on
the frictional coefficients, the following condi-
tions were studied: (a) unlubricated (as-built con-
dition), (b) rusted, and (c) with debris on the
lower bearing plates. The unturned pipe roller,
turned pipe roller, and pinned rocker shoe bearings
used in the study were new bearings. The pintle
rocker bearings were removed from a bridge prior to
testing.

To increase the reliability of the experimental
results, several increments of loading were used and
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Figure 2. Rocker expansion shoes.
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Figure 3. Double-segmental rocker,
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at least three tests were done at each loading for
each combination.

TEST SETUP

To determine the experimental coefficient of fric-
tion of bridge bearings, a test setup that simulated
the actual bridge was built as shown in Figure 5.
The normal force was applied with a 750 000-1b-
capacity hydraulic ram and the horizontal force with
a 55 000-lb-capacity closed-loop hydraulic testing
system. The data were recorded by using a microcom-
puter system.

The test setup was erected on the reaction floor
inside the Fears Structural Engineering Laboratory
at the University of Oklahoma. The setup was
erected directly over two W36 beams spaced 8 ft
apart and consisted of three parts: (a) an H-frame
that was designed for a 250 000-1b maximum vertical
reaction and that supported the hydraulic ram, (b) a
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triangle frame that was designed for a 55 000-1lb
maximum horizontal reaction and that supported the
closed-loop hydraulic testing system, and (c) a
W33x130x15-ft girder that simulated the actual
bridge girder.

The vertical load chain consisted of the H-frame,
hydraulic ram, load cell, swivel head, roller nest
with a known effective coefficient of friction, a
steel plate with a highly polished surface, the
simulated bridge girder, the test bearing, a steel
reaction plate, and the reaction floor. The hori-
zontal load chain consisted of the triangle frame,
the actuator of the closed-loop hydraulic testing
system, the load cell, a loading linkage to prevent
out-of-plane forces, and the simulated girder (Fig-
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Figure 5. Side view of test setup.

Actuator

ure 5). Lateral brace mechanisms were used to sta-
bilize the girder against out-of-plane rotations,
and a pipe roller was used to support the unloaded
end of the bridge girder.

INSTRUMENTATION

Instrumentation consisted of the two calibrated load
cells, a horizontal displacement transducer, an
analog-to-digital signal converter, and a micro-
processor. The applied normal force was measured by
using a calibrated 300 000-lb-capacity load cell;
the horizontal force was measured by using a cali-
brated 100 000-lb-capacity load cell; and the hori-
zontal movement (girder movement) was measured by
using a calibrated transducer that is part of the
closed-loop hydraulic testing system.

The analog signals from the three instruments
were digitized by using a 1l6-channel differential
input A/D converter with direct interface to the
microprocessor. The microprocessor was used to
reduce and plot the data in real time. In this man-
ner, changes in normal force due to uncontrollable
vertical movement in the vertical force chain were
accounted for and the instantaneous relation of the
two force variables and one displacement variable
was known.

TEST PROCEDURES

For each test, the centerline of the bearing was
first positioned relative to a fixed vertical
plane. A nominal normal force was then applied,
usually in multiples of 25 kips but not exceeding
the rated capacity of the bearing. The simulated
girder was then pulled at a slow rate (approximately
1 in/min) by using the closed-loop hydraulic testing
system. As previously mentioned, all data were
recorded in real time with the microprocessor.

Approximately 100 data sets (each consisting of
one displacement and two force readings) were re-
corded for each test. The effective coefficient of
friction was automatically calculated by the micro-
processor by taking into account the initial force
on the bearing due to the weight of the system and
the effective coefficient of friction of the roller
nest. The graphics capabilities of the microproces-
sor system were used to display and plot the rela-
tion between the horizontal force and horizontal
movement.

To simulate in situ conditions, the steel bear-
ings were subjected to rusting and debris environ-
ments. To achieve the rusting condition, the bear-
ings were placed inside a closed bucket in an acidic
environment for about two months. Muriatic acid
(HC1) was used to accelerate the rusting. The bear-
ings were supported approximately 10 in above the
acid surface, and the bucket was kept outside where
temperatures varied from 25° to 80°F.

To achieve the debris environment, an approxi-
mately 0.125-in-thick 1layer of graded sand was
spread on the lower bearing plate. The sand, sup-
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plied by ODOT, was obtained by vacuuming areas near
in-place bridge bearings.

TEST RESULTS

The details of the test data for this project have
been given elsewhere (9) and will not be repeated
here. The essential results and conclusions are
summarized below.

Unturned Pipe Roller (Single Roller)

A 10-in-diameter, unturned, stiffened, painted pipe
roller (Figure la) was used for this phase of the
study. The specimen was tested under three condi-
tions:

1. Clean roller and bearing plates,

2. Clean roller with rusted lower bearing plate,
and

3. Roller with sand spread over the lower bear-
ing plate.

The roller was tested at four increments of vertical
loading--25, 50, 75, and 100 kips--for each condi-
tion based on a load-carrying capacity of 1.03.5
kips, as determined from Equation 2. Typical hori-
zontal force versus horizontal deflection plots for
conditions 1-3 are shown in Fiqure 6. For a per-
fectly rigid system, horizontal displacement would
not take place until the rolling frictional resis-
tance was overcome. The initial horizontal motion
shown in Figure 6 (and all subsequent similar plots)
io from the elastic deformation of the test fixtures.

The results for all tests are shown in Figure 7
as effective coefficient of friction versus normal
force. The straight lines shown are the result of
regression analyses conducted for each condition.

The average effective coefficient of friction for
condition 1 (clean roller and bearing plate) was
found to be 0.33 percent with a standard deviation
of 0.14 percent over 12 tests and with a range of
0.12-0.58 percent. For condition 2 (rusted lower
bearing plate), the average effective coefficient of
friction increased to 0.69 percent with a standard
deviation of 0.10 percent over 12 tests and with a
range of 0.47-0.85 percent. Approximately 0.125-in-
thick graded sand was placed on the lower bearing
plate in front of the roller for condition 3. 1In
this condition, the average coefficient of friction
was found to be 3.38 percent with a standard devia-
tion of 1.2 percent for 14 tests and with a range of
2.1-5.8 percent.

From the results of the 38 tests conducted, the
following results were noted:

1. The effective coefficient of friction seems
to increase with increasing normal force (Figure
7). It is more pronounced for the condition with
sand.

2. The effective coefficient of friction in-
creases 400-1000 percent if sand is placed on the
lower bearing plate.

3. The effective coefficient of kinetic friction
is essentially equal to the effective coefficient of
static friction.

4. The results for condition 2 were obtained for
a rusted lower bearing plate and a clean upper
plate. If the upper plate were also rusted, the
increase of the effective coefficient of friction
could conceivably double.

Turned Pipe Roller

A 1l0-in-diameter, turned, stiffened, painted pipe
roller (Figure 1b) was used in this phase of the
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Figure 6. Typical displacement versus friction force plots for pipe-roller bearing.
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study. The roller was identical to the unturned
roller except a 12-in radius was turned on opposite
sides to increase the contact surface at the upper
and lower bearing plates and thus increase the load-
carrying capacity. Based on Equation 2, the allow-
able load is 248.4 kips.

Because the radii at the two contact surfaces are
greater than half the roller depth, the supported
bridge girder rises slightly with horizontal move-
ment. In addition, an eccentricity between the
lines of action of the resultant vertical contact
forces is created. A set of horizontal resisting
forces is therefore needed to maintain equilibrium
if the roller is moved on either side of its center-
line. The magnitude of this resisting force in-
creases with movement from the centerline as long as
the turned portions of the roller are in contact
with the plates. Movement beyond the turned area
(usually 1-2 in on each side of the centerline) re-
sults in a rapid decrease in horizontal force re-
quirements, since the roller 1is essentially an
unturned roller under this condition. For the pur-
poses of this study, the resisting force is related
to an equivalent effective coefficient of friction
defined as follows:

Flequiv=F/N=(R -d)/(R ~d/2)h “)
where
R = turned radius at the contact surfaces,

total depth of the roller, and
total horizontal movement from either side of
the centerline.

oo
]

The roller was tested under the following two
conditions:
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Figure 8. Friction versus displacement for turned pipe roller.
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Figure 9. Resisting force versus movement for turned pipe roller.

15
—~ Predicted
& ------- Measured
X
wlo
O
S
[
=z
Q
-5
Q | A
14
e
o

0 05 15 1.1 20 25
HORIZONTAL MOVEMENT ({IN)

1. Clean roller and bearing plates and
2. Roller with sand spread over the lower bear-
ing plate.

Three increments of vertical load were used: 50,
100, and 150 kips.

Typical coefficient of friction and horizontal
force versus horizontal deflection plots are shown
in Figure 8. Figure 9 compares measured and theo-
retical results. Correlation is good except at a
horizontal movement of approximately 1 in. Close
inspection of the bearing showed an imperfection in
the turned surface, which is believed to account for
the discrepancy.

From the results of the 21 tests and the theoret-
ical analyses, the following observations are noted:

1. The equivalent coefficient of friction is a
function of horizontal displacement and increases
rapidly with displacement.

2. Small imperfections in the turned surfaces
can cause significant changes in the equivalent
coefficient of friction.

3. The presence of sand on the lower bearing
plate can increase the equivalent coefficient of
friction 250-400 percent.

Pinned Rocker Shoe

A pinned rocker shoe, similar to that shown in Fig-
ure 2b, was tested for the following three condi-
tions:

1. Clean and unlubricated,
2. Rusted, and
3. With sand spread over the lower bearing plate.

The load-carrying capacity was calculated as 232
kips by using Equation 2, and the shoe was tested in
approximately 25-kip increments from 50 to 225 kips.
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Figure 10. Friction force versus normal force for pinned rocker shoe.
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The average effective coefficient of friction for
condition 1 (clean and unlubricated) was found to be
0.99 percent with a standard deviation of 0.001 37
over 16 tests and with a range of 0.71-1.18 per-
cent., For condition 2 (rusted), the average effec-
tive coefficient of frictlon increased to 1.85 per-
cent with a standard deviation of 0.31 percent over
23 tests and with a range of 1.38-3.23 percent.
Approximately 0.125-in-thick graded sand was placed
on the lower bearing plate for condition 3. The
average effective coefficient of friction was found
to be B8.95 percent with a standard deviation of
0.071 percent over 12 tests and with a range of
4.42-10.40 percent.

The results of all tests are plotted in Figure 10
as friction force (horizontal force) versus normal
force. The stralght lines shown are the result of
regression analyses conducted for each condition.

The following observations are noted from the 51
tests:

1. The effective coefficlent of friction for a
rusted rocker can be as high as 185 percent of the
value for a clean, unlubricated rocker.

2. The presence of sand significantly alters the
effective coefficient of pinned rocker bearings.

Pintle Rocker Shoe

Two pintle rocker bearings similar to that shown in
Figure 2c were tested under three conditions:

1. As removed from a bridge site,
2. Partly rusted, and
3. With sand spread over the lower bearing plate.

By using Equation 2, the load-carrying capacity of
the bearing was calculated to be 260 kips. Tests
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Figure 12. Measured and
specified dimensions of 2.000
pintle rocker bearings.
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(b) Test Bearing II

were conducted from 25 to 225 kips in increments of
approximately 25 kips.

Results for test bearing 1 in condition 1 (as
received) are shown in Figure 11. The average coef-
ficient of friction was 7.6 percent with a standard
deviation of 0.111 percent over 24 tests and a range
of 6.15-9.88 percent.

In conducting these tests, it was noticed that
the bearing exhibited significantly different effec-
tive coefficients of friction depending on the ini-
tial position of the centerline of the rocker rela-
tive to the direction of movement. A series of
tests for each bearing was then conducted in which
the starting position was varied from before dead
center to after dead center. In the 55 tests con-
ducted, the effective coefficient of friction varied
from 3.13 to 7.94 percent, a variation not found in
tests of : ther bearings. In addition, the effective
coefficient of friction predicted by the equation
shown in Figure 4 was 2.4 percent.

In an attempt to determine the cause of the dis-
crepancy, the outside radius of the top portion of
the rocker and the inside radius of the sole plate
were carefully measured. Actual and specified di-
mensions are shown in Figure 12. 1In both cases, the
outside radius of the rocker was found to be larger
than specified and larger than the inside radius of
the sole plate. Because of this geometry, the top
part of the rocker tends to wedge inside the socket
of the sole plate, which causes a high effective
coefficient of friction.

To verify this contention, sole plates with in-
side radii of 1.27 and 1.35 in were used for addi-
tional testing. For the series with the 1.27-in
radius, the average effective coefficient of fric-
tion was 4.31 percent with a standard deviation of
0.49 percent and a range of 2,22~5.45 percent. The
average coefficient of friction decreased from 7.60
to 4.31 percent with an increase in inside radius of
only 0.0l in. Typical results are shown in Figure 13.
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Figure 13. Friction force versus displacement for pintle rocker bearing.
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Table 1. Summary of resuits.

Effective Coefficient
of Friction

Radius of Sole
Predicted Measured Plate/Radius
Bearing Type Condition (%) (%) of Rocker (in)
Single roller Clean 0.5
Rusted 1.0
With sand 5.0
Pinned rocker  Clean 25 1.0
shoe Rusted 2.0
With sand 9.0
Pintle rocker Clean 2.5 6.2-9.9 1.26/1.27
Clean 2.5 2.2-5.5 1.27/1.27
Rusted 2:5 3.6-5.5 1.27/1.27
With sand 25 12.1-14.1 1271 .27

Note: For the turned roller, a geometric relation was found and sand iIncreased the
coefficient of friction 250-400 percent.

A series of tests was also attempted with a
large-radius (1.35-in) sole plate. Since the radius
in the sole plate was significantly larger than the
outside radius of the rocker (by 0.07 in), the
rocker was rolling inside the sole plate rather than
sliding. The rocker was observed to roll in the
sole plate socket until the required coefficient of
friction was greater than that possible between the
steel surfaces, and then the parts suddenly "jumped"
to an initlal position and the process was re-
peated. Results achieved by using the large-radius
sole plate were too scattered to be of use.

The tests were repeated with the 1.27-in-radius
sole plate for condition 2 and with the original
sole plate for condition 3 (with sand). The average
effective coefficient of friction for the rusted
condition increased to 4.8 percent with a standard
deviation of 0.18 percent over 15 tests and a range
of 3.64-5.48 percent and for the sand condition to
13.13 percent with a standard deviation of 0.14 per-
cent and a range of 12.08-14.11 percent for 12 tests.

From the numerous tests, conditions, and configu-
rations of this phase of the study, the following
observations are noted:

1. Fabrication accuracy is necessary if the pre-
dicted effective coefficient of friction (Figure 4)
is used to estimate the horizontal friction force of
pintle bearings.

2. Slight inaccuracies in the radii of mating
parts can result in a substantial increase in the
effective coefficient of friction.

3. Rust and particularly sand can substantially
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increase the effective coefficient of friction of
pintle bearings.

SUMMARY

The results of this study, summarized in Table 1,
show that an unturned pipe roller exhibits the low-
est effective coefficient of friction of the four
rolling devices tested. The effective coefficient
of friction was found to be less than 0.5 percent
for a clean 1l0-in-diameter pipe roller. The value
increased to about 1 percent when the roller was
tested in a rusted condition and to 5 percent when
sand was spread over the lower bearing plate.

Tests with a turned roller showed the equivalent
coefficient of friction to be a function of the
amount of horizontal movement from the centerline
(median line). A geometric explanation was found,
and excellent agreement between predicted and mea-
sured results was achieved.

An effective coefficient of friction of 1 percent
vas found from tests with a clean pinned rocker.
The value increased to 2 percent for a rusted condi-
tion. Both values are lower than a predicted value
of 2.5 percent determined by using a published cri-
terion. The effective coefficient of friction for
this rocker increased to 9 percent when sand was
placed on the lower bearing plate.

Tests with a pintle rocker showed that fabrica-
tion inaccuracies, especially in the radius of the
sole plate socket, can significantly affect the per-
formance and effective coefficient of friction of
the bearing. Tests with a sole plate socket radius
slightly smaller than the rocker radius resulted in
effective coefficient of friction values from 6.15
to 9.88 percent compared with 2.4 percent from pub-
lished criteria. Tests with rusted bearing plates
or with sand spread over the lower bearing plate
showed significant increases in the effective coef-
ficient of friction.
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Observations of Highway Bridge Movements and
Their Effects on Joints and Bearings

LYLE K. MOULTON

Data on bridge movements and their effects were collected from 314 highway
bridges in 39 states, the District of Columbia, and 4 Canadian provinces. These
data have been analyzed to compare the movements that occurred with evidence
of structural damage and to gain some insight into the basic causes of the move-
ments and the resulting damages. The tolerance of the bridges to the various
types and magnitudes of movements was also evaluated. It was found that, in
general, bridge structures have much greater tolerance to differential vertical
movements than is generally thought. Hi , in many i , it was found
that the design and/or construction practices used led to bridges in which struc-
tural damage, particularly to joints and bearings, was produced by relatively
small hori | ts of ab 1ts and piers and the level of these
damages was more severe when the horizontal mo was panied by
vertical movement. In many instances, it was possible to identify the cause or
causes of the bridge movements and the resulting structural damage. These
causes suggested possible changes in design and construction practice that could
help to reduce the probability of damaging It is concluded that,
although many highway bridge structures can tolerate significant vertical and
horizontal movements, depending on span length and stiffness, there are rela-
tively simple design and construction techniques available that can greatly re-
duce the possibility of movements and thus reduce the potential for structural
damage and the resulting maintenance.

Throughout the years, a great deal of data has been
collected that relates observed deformations of
buildings and industrial structures to structural
damage. These data have then been used to establish
criteria for tolerable movements that can be used
jointly by geotechnical and structural engineers to
decide how a structure should be founded in order to
minimize costs while maintaining an appropriate
level of safety against structural damage. Among
the most significant published accounts of this work
are papers by Skempton and MacDonald (1):; Polshin
and Tokar (2); Feld (3):; Grant, Christian, and Van-
marcke (4); and Burland and Wroth (5). Unfortu-
nately, however, no such criteria have been avail-
able for highway bridges. Although there is a
significant body of literature dealing with the
investigation of bridge approach embankments and
bridge foundation movements, until recently there
was virtually nothing of a specific nature in the
literature that related bridge foundation movements
to structural damage or dealt with the tolerance of
bridges to these movements. The 1978 papers by
Grover (6), Keene (7), Walkinshaw (8), and Bozozuk
(8,10) and more recent papers and reports by Moulton
(1), Moulton and Kula (12), GangaRao and Moulton
(13), and Moulton, GangaRao, and Halvorsen (14) con-
stitute notable attempts to remedy this situation.

As part of an extensive investigation designed to
develop rational criteria for the tolerable move-
ments of bridges, data on bridge movements, their
effects, and the tolerance of bridges to these move-
ments were collected for a total of 314 bridges dis-

tributed across 39 states, the District of Columbia,
and 4 Canadian provinces. The starting point for
this data collection process was the acquisition of
data, contained in the files of Transportation Re-
search Board Committee A2K03, that were the result
of surveys conducted in 1967 and 1975. Supplemen-
tary data on 115 of these bridges, including as-
built plans, were obtained by direct contact with
the state bridge and/or geotechnical engineers who
had been involved in the original surveys. In addi-
tion, data were also obtained for a substantial num-
ber of bridges that were not included in the origi-
nal surveys, including 28 bridges in the State of
Washington that were contained in a Federal Highway
Administration staff study (15), 89 bridges from
Ohio, 9 from Maine, 5 from South Carolina, and 3
from Utah.

The collected field data were analyzed to compare
the movements that had occurred with evidence of
structural damage and to gain some insight into the
basic causes of the movements and the resulting
damages. It was alsu possible to obtaln a very
important insight into the magnitude of movements
that had proved to be tolerable and intolerable in
actual practice.

It is the purpose of this paper to summarize the
results of these analyses, to identify the most com-
mon causes of these movements and their effects on
bridge structures, particularly joints and bearings,
and to suggest possible changes in design and con-
struction practice that could help to reduce the
possibility of damaging movements and minimize fu-
ture bridge maintenance.

INFLUENCE OF SUBSTRUCTURE VARIABLES ON
BRIDGE MOVEMENTS

A general summary of the substructure data incorpo-
rated into the investigation of the influence of
substructure variables on bridge abutment and pier
movements is presented in Table 1. For the abut-
ments, the variables considered were (a) general
soil conditions, (b) type of abutment (full height,
perched, or spill-through), (c) type of foundation
(spread footing or piles), and (d) height of ap-
proach embankment. Additional variables considered
for the piers were (a) span type (simply supported
or continuous) and (b) abutment-embankment-pier
geometry. In addition to considering the effect of
each of these variables on abutment and pier move-
ments, various combinations of variables were con-
sidered in an effort to determine combinations that
may or may not result in foundation movement. A
general summary of the superstructure data that have
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Table 1. General summary of sub-
No. of No. of
structure data. Substructure Variables Bridges Substructure Variables Bridges

General soil conditions Abutment type
Fine-grained soil 104 Full height 35
Granular soils 78 Perched 235
Fine-grained soils over granular soils 15 Spill-through 15
Granular soils over fine-grained soils 30 Full height and perched 2
Interlayered or intermixed soils 50 Perched and spill-through 3
Bedrock 14 Not given or unknown 24
Permafrost soils 3 Height of approach embankment
Not given 20 Cut 4

Foundation type 0-9 ft 13
Spread footings 125 10-19 ft 56
Piles 95 20-29 ft 114
Abutments on spread footings or piers on piles 21 30-39 ft 77
Abutments on piles or piers on spread footings 39 4049 ft 16
Abutments and piers on both spread footings and piles 20 50 to >100 ft 19
Miscellaneous combinations of spread footings, caissons, etc. 3 Not given 15
Not given 11

Note: 1 ft =0.3048 m.

Table 2. General summary of abutment movements.

Frequency
No. of Percentage Avg
Movement Type Abutments Moved Range (in) (in)
All 439 100.0
Vertical 379° 86.3 0.03-50.4 1.7
Horizontal 138 31.4 0.1-14.4 2.6
Vertical and 77 17.5 0.1-50.4 6.9
horizontal 0.1-14.4 2.2

Note: 1in=25.4 mm.
ATwo abutments that raised vertically are not included in total, range, or average,

been incorporated into these analyses, including
type of span, is presented below:

Superstructure Variable No. of Bridges
Type of span

Simple 97
Continuous 158
Simple and continuous 14
Rigid frame 7
Cantilever 10
Miscellaneous or not given 28
Type of structural material
Steel 197
Concrete 78
Steel and concrete 4
Not given 35
Number of spans
1 25
2 24
3 120
4 67
5 25
>5 50
Not given 3

These analyses resulted in the generation of a large
amount of data on the influence of substructure var-
iables on bridge movements. Because of space limi-
tations, only a limited portion of the data can be
presented here. The rest of the results are pre-
sented in the report by Moulton, GangaRao, and
Halvorsen (14).

Abutment Movements

A total of 580 abutments had sufficient data to be
included in the analysis. A general summary of the
movement data for the 439 abutments that experienced

some type of movement is presented in Table 2.
These data show that the great majority of the abut-
ments moved vertically, a little less than a third
of them moved horizontally, and a significant number
experienced simultaneous vertical and horizontal
movement. The vertical movements tended to be
greater than the horizontal movements. This can be
explained in part by the fact that in many instances
the abutments moved inward until their back walls
became jammed against the beams or girders, which
acted as struts preventing further horizontal move-
ment. For those "sill"-type abutments that had no
back walls, the horizontal movements were often sub-
stantially larger, the abutments moving inward until
the beams or girders were, in effect, extruded out
behind the abutments. However, a significant number
of abutments (39) did move outward away from the
bridge superstructure and toward their approach
embankments. These were almost invariably perched
abutments founded on piles driven through approach
fills placed over deep compressible foundation
soils. This type of movement has been described by
Stermac, Devata, and Selby (16). The data given in
Table 2 also show that abutment movements tended to
be larger for those abutments that experienced both
vertical and horizontal movements.

O0f those abutments with sufficient data to be
included in the analysis, substantially more perched
abutments were reported than either full-height or
spill-through abutments. Both the full-height and
perched abutments tended to move more frequently
than the spill-through abutments. However, the sum-
mary of abutment movements in terms of abutment
type, given in Tahle 3, shows that perched and
spill-through abutments tended to undergo a wider
range of movements than did the full-height abut-
ments. This was true with respect to both the ver-
tical and horizontal movements. These movements are
a manifestation of a variety of problems experienced
by those abutments that were founded in approach
embankments, regardless of foundation treatment
(i.e., spread footings or piles). The two most com-
mon and most significant of these problems were (a)
settlement of the embankment and/or foundation soil
and (b) instability of the embankment slope, caused
by excessively steep slopes, excessively high fills,
low shear strength in the embankment or foundation
soil, or streambed scour at the toe of the slope-
It is significant that, whenever the preloading
technique was applied (17-19) or whenever there was
a waiting period between completion of embankment
and abutment construction, the foundation movements
were generally substantially lower than when abut-
ment construction was initiated immediately after
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Table 3, Summary of movements by abutment type,
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Table 5. Summary of abutment movements by foundation type.

Frequency Frequency
Abutment Movement No. of Percentage Range Avg Foundation Movement No. of Percentage Range Avg
Type Type Abutments  Moved (in) (in) Type Type Abutments  Moved (in) (in)
Full height All 64 100.0 Spread footings All 266 100.0
Vertical® 56 817.5 0.3-17.0 3.8 Vertical 254 95.5 0.1-35.0 37
Horizontal 32 50.0 0.1-8.0 2.1 Horizontal 40 15.0 0.1-8.8 2.4
Verticaland 24 37.5 03-17.0 4.8 Vertical and 28 10.5 0.1-35.0 6.1
horizontal 0.1-8.0 2.1 horizontal 0.1-8.0 2.2
Perched All 357 100.0 Piles All 173 100.0
Vertical 307 86.0 0.03-50.4 3.5 Vertical 122 70.5 0.03-50.4 3.9
Horizontal 93 26.0 0.3-144 29 Horizontal 99 57.2 0.3-14.4 2.7
Vertical and 43 12.0 0.1-504 7.9 Vertical and 48 27.7 0.3-50.4 5.6
horizontal 0.3-144 25 horizontal 0.3-144 2.3
Spill-through All 21 100.0 ;
Vertical 16 76.2 1.224.0 8.2 Notes: L= 25:4 mm,
Horizontal 13 61.9 0.5-8.8 2.4
Vertical and 8 38.1 1.2-24.0 7.8
horizontal 0.5-3.0 1.4

Note: 1in=25.4 mm.
2 Two full-height abutments that raised 3 in are not included.

Table 4. Summary of movements of perched abutments on spread footings on
fill by construction sequence.

Frequency

Construction Movement No. of Percentage Range Avg
Sequence Type Abutments  Moved (in) (in)

Preload andfor  All 81 100.0
waiting period Vertical 81 100.0 0.2-5.2 1.8
Horizontal 2 2.5 0.3-0.3 0.3
Vertical and 2 2.5 4.0-5.0 4.5
horizontal 0.3-0.3 0.3

No preload or All 63 100.0
waiting period Vertical 60 95.2 0.1-35.0 7.3
Horizontal 13 20.6 0.3-5.0 3.5
Vertical and 10 15.0 0.1-35.0 18.2
horizontal 0.3-5.0 37

Note: 1in=25.4 mm.

completion of the embankment. This is illustrated
rather clearly in Table 4.

In terms of foundation type, abutments founded on
spread footings had a higher incidence of movement
than abutments founded on piles. However, the sum-
mary of abutment movements in terms of foundation
types, presented in Table 5, shows that abutments
founded on piles actually experienced a larger range
and slightly larger average vertical movement than
did those founded on spread footings. This situa-
tion also existed with respect to horizontal move-
ments. These same general trends were observed when
the data were further broken down in terms of abut-
ment type. This finding, coupled with the rela-
tively large number of pile foundations that did
move, would tend to suggest that the mere use of
pile foundations does not necessarily guarantee that
abutment movements will be within acceptable limits,
particularly for the case of perched and spill-
through abutments in fills. In fact, there is an
existing body of evidence that, under some circum-
stances, bridges founded on piles or other deep
foundations can move, sometimes substantially (16,
20-25).

Although some of the pile foundations of abut-
ments were designed to provide some resistance to
horizontal 1loading (i.e., batter piles were pro-
vided), in a substantial number of cases, where hor-
izontal movement was experienced, no provisions were
included to resist horizontal loading. In fact, it

was found that a significant number of perched abut-
ments were founded on a single row of vertical piles
driven through the approach embankment, often with
only one pile under each beam or girder seat.

Although some general trends were evident, ap-
proach embankment heights did not correlate particu-
larly well with the frequency and magnitude of abut-
ment movements. In fact, the available data seem to
suggest that the compressibility and shear strength
of the embankment and foundation soils are as im-
portant as or more important than the height of the
embankment in controlling embankment settlement and
stability. This tends to agree with the findings
reported by Grover (6) for Ohio bridges.

Pier Movements

The results of the analysis of pier movements showed
that piers generally moved less often than abut-
ments. In addition, the general summary of pier
movements given in Table 6 shows that vertical move-
ments tended to be considerably less than for abut-
ments. Unlike the abutment movements, average hor-
izontal pier movements tended to be larger than the
vertical movements.

Table 7, which summarizes the pier movements in
terms of foundation type, shows that the average
magnitude of vertical movement was greater for pile
foundations than for spread footings. However, the
vertical movements for the piers on spread footings
had a wider range than those for piers founded on
piles, although there was a much larger number of
piers founded on piles than on spread footings.
This would suggest that the rate of success in
founding piers on piles is substantially greater
than that of founding abutments on piles, particu-
larly for perched and spill-through abutments. The
data show that, for the majority of piers founded on
piles, the piles were driven in natural ground.
This is in contrast to the situation for perched and
spill-through abutments on piles, where in most in-
stances the piles were driven through fill materi-
als. In my judgment, this is the key to the indi-
cated difference in performance between piers
founded on piles and perched and spill-through abut-
ments founded on piles. Piles simply cannot be ex-
pected to 1limit significantly the movements of a
compressible or unstable embankment unless they are
specifically designed to do so.

Piers located in or near the toe of approach em-
bankments experienced movement almost twice as fre-
quently as piers that were located away from the
embankment. The data showed that, contrary to what
might be expected, the magnitudes of vertical move-
ments tended to be slightly larger for piers located
away from the embankments: The average movement was
4,0 in (101.6 mm) compared with 2.2 in (55.9 mm) for
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Table 6. General y of pier No. of
Type of Damage Bridges
Frequency Distress in superstructure 117
_— Damage to rails, curbs, sidewalks, 30
No. of Percentage Avg parapets
Movement Type Piers Moved Range (in) (in) Damage to bearings 34
All 269 100.0 Poor riding quality 12
Vertical 2342 87.0 0.0342.0 2.5 Not given or corrected during construction 10
Horizontal 25 19.3 0.1-20.0 3.3 None 81
Vertical and horizontal 17 6.3 0.3-13.7 5.1
0200 a7 It should be noted that many of these structures
Note: 1in =25.4 mm. experienced multiple damaging effects.
8The number of piers with movement included seven piers that raised vertically. These Although most of the words and phrases used to
piers are not included in the total with vertical movement. describe structural damage in the preceding table
and subsequent tables are self-explanatory, for the
purposes of this paper some explanation is required
. e for the terms "vertical displacement,” "horizontal
Table 7. Summary of pier mo ts by type. displacement," "distress in the superstructure," and
"damage to bearings." Vertical displacement, when
Frequency applied to structural damage, includes the raising
Wasvsmen m Pige AV or lowering of the superstructure above or below
; P ; ; planned grade or a sag or heave in the deck. Struc-
Foundation Type  Tvoe Hen Moved ) () tures that require shimming or jacking as well as
Spread footings All 145 100.0 truss structures with increased camber are also in-
Vertical 1342 92.4 0.142.0 1.8 cluded. Horizontal displacement, when applied to
Horizontal 19 13.1 0.5-20.0 3.1 structural damage, includes the misalignment of
V}T“‘_Cal and 7 4.8 0'8'9'00 2'8 bearings and the superstructure or beams jammed
i " = against the abutments. Also included in this cate-
Files Al 115 = 100.0 gory of damage are bridges whose superstructure
Vertical 92 80.0 0.03-18.0 3.6
Herizontal 33 287 0.1-16.0 3.2 extended beyond the abutment, where beams required
Vertical and 10 8.7 0.3-180 6.0 cutting, or where there was a horizontal movement of
horizontal 0.64.04 1.3 the floor system. Distress in the superstructure

Note: 1in=25.4 mm.

9The number of piers with movement includes seven piers that raised vertically. These are
not included for vertical movements.

piers located in or near the embankment. The magni-
tudes of horizontal movements, however, were signif-
icantly larger for piers located in or near the
embankment: They averaged 3.2 in (81.3 mm) compared
with only 1.1 in (27.9 mm) for the piers located
away from the embankment. This would suggest that,
in designing bridge piers in or near the toe of
embankments, more consideration needs to be given to
the increased horizontal stresses that exist in
these areas.

INFLUENCE OF FOUNDATION MOVEMENTS ON

BRIDGE STRUCTURES .

The investigation of the influence of bridge founda-
tion movements on bridge structures was designed to
determine what types and magnitudes of movements
most frequently result in structural damage. The
variables considered were (a) type of movement (ver-
tical alone, horizontal alone, or vertical and hor-
izontal in combination), (b) magnitude of movements
(maximum differential vertical movements between two
successive abutments or piers and maximum horizontal
movements), (c) span type, (d) type of structural
material (steel or concrete), (e) number of spans,
and (f) abutment type. A general summary of the
types of structural damage and the number of bridges
that were reported to have experienced these is pre-
sented below:

No. of
Type of Damage Bridges
Damage to abutments 69
Damage to piers 18
Vertical displacement 45

Horizontal displacement 68

consists of cracks or other evidence of excessive
stress in beams, girders, struts, and diaphragms as
well as cracking and spalling of the deck. Other
types of damage included in this category are the
shearing of anchor bolts; the opening, closing, or
damage of deck joints; and cases where the cutting
of relief joints was required. Damage to bearings
includes the tilting or jamming of rockers as well
as cases where rockers have pulled off bearings or
where movement resulted in an improper fit between
bearing shoes and rockers that required reposition-
ing. Also included in this category are deformed
neoprene bearing pads, sheared anchor bolts in the
bearing shoes, and the cracking of concrete at the
bearings. A complete description of the terminology
and simplifying assumptions used in the analysis is
given in the report by Moulton, GangaRao, and Hal-
vorsen (14).

As indicated in the preceding table, the types of
structural damage that occurred most frequently were
distress in the superstructure, damage to abutments,
horizontal displacement, vertical displacement, and
damage to bearings. It should be noted that, with
the exception of vertical displacement and damage to
abutments, all of these most frequently occurring
types of structural damage could involve some type
of damage to joints and bearings based on the defi-
nitions adopted for this study. Those structures
with only abutment movements had a high frequency of
distress in the superstructure and a somewhat lower
incidence of horizontal displacement and abutment
damage. Distress in the superstructure also oc-
curred very frequently for bridges with only pier
movements and for bridges with both abutment and
pier movements.

In terms of the type of foundation movement, it
was found that most types of structural damage ap-
pear to occur for those bridges in which both verti-
cal and horizontal movements occur simultaneously.
Horizontal displacement, abutment damage, and dis-
tress in the superstructure occurred relatively fre-
quently for bridges with both vertical and hori-
zontal movements. In contrast, structures for which
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only vertical movement was reported had the lowest
frequenoy of damaging otructural effects, and a sub-
stantial number of structures had no damage at all.

This same general trend was evident in terms of
magnitudes of movements in that even moderate dif-
ferential vertical movements, up to 4 in (101.5 mm),
tended to produce a relatively low incidence of
structural damage. Of those 155 bridges with max-
imum differential vertical settlements of less than
4 in, 79 bridges experienced no damage whatsoever.
The majority of the remaining structures experienced
primarily abutment damage in the form of minor
cracking, minor opening or closing of construction
joints, and relatively minor distress in the super-
structure. For differential vertical movements in
excess of 4 in, distress in the superstructure
tended to be the predominant structural effect.
There was an increased incidence of vertical dis-
placement and poor riding quality for differential
vertical movements of 8 in (203.2 mm) and greater.
However, it should be pointed out that poor riding
quality was reported for only 12 out of the 314
bridges considered.

Bridges that experienced either horizontal move-
ment alone or horizontal movement in conjunction
with differential vertical movement had a high fre-
quency of damaging structural effects, even for rel-
atively small horizontal movements, which suggests
that horizontal movements are much more critical
than vertical movements in causing structural dam-
age. For those structures with horizontal movements
alone, movements of from 1.0 to 2.0 in (25.4-50.8
.nm) commonly caused distress in the superstructure
{in more than two-thirds of the cases). In the
majority of these cases, the resulting damage in-
volved the opening or closing of deck joints. The
bearings were also affected in more than a third of
these structures. Abutment damage and horizontal
displacement appeared to begin occurring with
greater frequency for horizontal movements of 2 in
and greater.

It was more difficult to correlate structural
damage with magnitudes of substructure movements for
those cases where vertical and horizontal movements
occurred simultaneously because of the possible in-
teraction of the two types of movements. However, a
detailed review of the actual causes of the various
types of distress in the bridges revealed that it
was most commonly the horizontal component of the
movement that was responsible for the reported dam-
age. Thus, as suggested earlier, horizontal move-
ments appear to be much more critical than differen-
tial vertical settlements in causing most types of
structural distress. This tends to confirm the
findings of Walkinshaw (8) and Bozozuk (9).

In terms of span type (simply supported or con-
tinuous), the data showed that distress in the
superstructure was the most common structural effect
reported for both continuous and simply supported
bridges. However, this type of distress was re-
ported more frequently for the continuous structures
than for the simply supported bridges. The data
also showed that abutment damage was the second most
frequently reported effect for the simply supported
structures and was reported in approximately half as
many of the continuous structures. For both types
of spans, the most frequent and most serious types
of structural distress appeared to be related to
horizontal movements.

The data on the frequency of occurrence of the
various types of bridge damage in terms of struc-
tural material showed that distress in the super-
structure was reported much more frequently for
concrete structures than for steel structures. How-
ever, the steel structures had a higher frequency of
abutment damage, horizontal displacement, and damage
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to bearings. 1In terms of vertical and horizontal
movements, steel bridyes with differential vertical
movement alone had a lower incidence and severity of
structural damage than did concrete bridges. This
situation was reversed for those bridges that ex-
perienced horizontal movements only and vertical and
horizontal movements simultaneously. More than half
of the steel bridges with horizontal movement only
experienced distress in the superstructure and dam-
age to bearings. Again, it was found that even rel-
atively small horizontal movements--on the order of
1-2 in--produced more frequent and more severe
structural damage than did much larger differential
vertical movements regardless of the type of struc-
tural material.

The data on the frequency of occurrence of each
of the various types of structural distress, in
terms of abutment type, showed that structures on
full-height abutments tended to have the highest
incidence of abutment damage but a relatively low
incidence of distress in the superstructure, damage
to bearings, and vertical and horizontal displace-
ment. Although those bridges on perched abutments
generally had the highest occurrence of the more
serious types of structural damage, they also had by
far the largest number that experienced no struc-
tural damage. This is something of a paradox since,
as reported earlier, perched abutments tended to
undergo a larger and wider range of movements than
did the full-height abutments. However, a detailed
examination of the data revealed that it was pri-
marily differential vertical abutment movements in
excess of 4 in that caused damage to bridges with
perched abutments. The most damaging effects were
produced primarily by horizontal movements ot 1-4 in
in magnitude, and these effects were particularly
serious when these horizontal movements were accom-
panied by larger differential vertical movements--
i.e., differential settlements in excess of 4 in.
The relatively high vertical movements expetienced
by the spill-through abutments (Table 3) were found
to be largely responsible for the high incidence of
superstructure distress reported for bridges with
this type of abutment.

TOLERANCE OF BRIDGES TO FOUNDATION MOVEMENTS

The subjectivity of the term "tolerable" may be one
reason for the lack of generally accepted tolerable
movement criteria. Movements that are considered to
be tolerable by one engineer may be considered to be
intolerable by another. 1In an attempt to eliminate
some of this subjectivity, TRB Committee A2K03 re-
lated tolerance to movements to maintenance require-
ments, and thus defined intolerable movement as
follows (8): "Movement is not tolerable if damage
requires costly maintenance and/or repairs and a
more expensive construction to avoid this would have
been preferable."” For the sake of consistency, this
definition was also adopted for the study reported
here.

The variables considered in the investigation of
the tolerance of various bridge structures to foun-
dation movement included (a) type of structural
damage, (b) type of movement, (c) magnitude of move-
ments (maximum differential vertical movement be-
tween successive units of the substructure, maximum
angular distortion, and maximum horizontal move-
ment), (d) span type, (e) type of structural mate-
rial, (f) number of spans, and (g) type of abut-
ment. Again, space 1limitations require that only
selected results of this investigation be presented
here. The report by Moulton, GangaRao, and Hal-
vorsen (14) gives a more complete presentation and
discussion of the results.
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Overall, of the 280 structures for which data on
tolerance to foundation movements were available or
could reasonably be assumed, the movements were con-
sidered tolerable for 180 bridges and intolerable
for 100. The data given in Table 8 show that, of
all the structural effects associated with founda-
tion movements that were considered tolerable,
damage to abutments and distress in the superstruc-
ture appear most frequently. In most instances, the
reported damage involved relatively minor cracking
and/or the opening or closing of construction joints
in the abutments and cracking and spalling of con-
crete decks. However, there were a surprising num-
ber of instances in which the opening of deck joints
was reported as being tolerable. Of course, as
would be expected, the foundation movements associ-
ated with all 81 bridges that experienced no struc-
tural damage were considered tolerable.

For those 100 bridges with intolerable movements,
Table 8 shows that almost half were reported to have

distress in the superstructure. Horizontal dis-
placement, vertical displacement, and damage to
bearings were also reported quite frequently. In

addition, almost one-quarter of those bridges with
intolerable movements had abutment damage. As might
have been expected, a larger number of bridges with
intolerable movements exhibited multiple damaging
effects than did bridges with tolerable movements.
The intolerable structural effects that occurred
most frequently in combination were distress in the
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superstructure, horizontal displacement, damage to
abutments, vertical displacement, and damage to
bearings. A detalled study of the bridge damage
data revealed that in the majority of cases there
was a direct interrelation between these most fre-
quently occurring categories of structural damage
and that most were related to horizontal movements
or horizontal movements in combination with vertical
movements. Although a variety of damaging incidents
were reported, by far the most frequently occurring
sequence of events involved the inward horizontal
movement of abutments closing the expansion joints
in the deck and causing serious damage to the bear-
ings.

The results of the analysis of tolerance to
bridge foundation movements in terms of type and
magnitude of movement are presented in Table 9.
With regard to movements in general, it was found,
as might have been expected, that the intolerable
movements generally tended to be substantially
larger than the tolerable movements. The data given
in Table 9 show that moderate magnitudes of differ-
ential vertical movements occurring by themselves
were most often considered tolerable, whereas verti-
cal and horizontal movements that occurred simulta-
neously were most commonly considered to be intoler-
able. Almost 98 ©percent of the differential
vertical settlements less than 2 in (50.8 mm) and
91.2 percent of those less than 4 in (101.6 mm) were
considered to be tolerable. However, although there

Table 8. Tolerance of bridges to structural
damage.

Tolerable Movement Intolerable Movement

Bridges with Bridges with
Damage Bridges with Damage Bridges with
Multiple Multiple
Structural Damage No. Percent Damage? No. Percent Damage®
Damage to abutments 37 20.6 17 24 24.0 23
Damage to piers 8 4.4 7 8 8.0 8
Vertical displacement 3 1.7 2 42 42.0 21
Horizontal displacement 22 12.2 17 37 37.0 31
Distress in superstructure 49 272 28 46 46.0 39
Damage to rails, curbs, sidewalks, 17 9.4 16 8 8.0 8
and parapets
Damage to bearings 8 4.4 6 17 170 17
Poor riding quality 1 0.1 1 11 11.0 4
Not given or corrected during con- 6 3.3 0 2 2.0 0
struction
None 81 31.1 0 0 0.0 0
Total bridges in category 180 100

aMultiple damage refers to the number of bridges in this category that had structural damage in addition to the indicated

effects.

Table 9. Range of magnitud idered tolerable or intolerable.

No. of Bridges with Given Type of Movement

Vertical and Horizontal

Vertical Only Horizontal Only Vertical Component Horizontal Component
Interval®
(in) Tolerable Intolerable Tolerable Intolerable Tolerable Intolerable Tolerable Intolerable
0.0-0.9 52 0 3 0 9 1 8 0
1.0-1.9 40 2 5 1 9 3 7 10
2.0-3.9 33 10 1 10 6 4 8 10
4.0-5.9 1 8 2 0 2 5 0 8
6.0-7.9 3 S 1 3 0 2 0 1
8.0-9.9 0 5 0 3 0 2 0 2
10.0-14.9 2 5 0 2 0 6 0 2
15.0-19.9 1 4 0 0 0 3 0 1
20.0-60.0 0 _0 0 0 _0 _4 1 0
Total 132 39 12 19 26 30 24 34

a . . . . . . . < : . ]
For vertical moments, magnitudes refer to maximum differential vertical movement. For horizontal movements, magnitudes refer to maximum horizontal

movement of a single foundation element.
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Table 10. Ranges of magnitudes of longi-
tudinal angular distortion considered tol-

No. of Bridges of Given Type and Tuletauce

. Angular
erable or intolerable. Distortion All Bridges Simple Span Continuous Span

Interval
(x1 0'3) Tolerable Intolerable Tolerable Intolerable Tolerable Intolerable
0-0.99 43 1 17 1 23 0
1.0-1.99 36 5 7 0 25 4
2.0-2.99 32 0 4 0 19 0
3.0-3.99 14 1 5 0 7 1
4.0-4.99 10 4 2 0 5 4
5.0-5.99 2 [4 0 1 2 5
6.0-7.99 2 7 1 2 1 4
8.0-9.99 1 3 0 1 1 1
10.0-19.99 3 20 2 4 1 12
20.0-39.9 1 8 1 5 0 2
40.0-59.9 0 3 0 2 0 1
60.0-79.9 _ 0 2 0 1 0 1
Total 144 60 39 17 84 35

were some larger differential vertical settlements
that were considered tolerable, the tolerance to
differential vertical movements generally decreased
significantly for values greater than 4 in. In
terms of horizontal movements alone, of those
bridges with maximum movements less than 2 in, the
movements were considered tolerable in 88.8 percent
of the cases. However, a large majority (Bl1.8 per-
cent) of the maximum horizontal movements of 2 in
and greater were found to be intolerable. Further-
more, Table 9 indicates that even horizontal move-
ments less than 2 in were only reported as being
tolerable in 60.0 percent of the cases when accom-
panied by differential vertical movements. 1In fact,
a more detailed analysis of the data revealed that,
for simultaneous horizontal and vertical movements
of this type, the horizontal movements were only
reported as being tolerable in the great majority of
cases when their magnitudes approached 1 in (15.4
mm) and less.

Although the sample sizes were smaller, the same
general trends with respect to the magnitude of
tolerable and intolerable foundation movements,
given in Table 9 and described above, were observed
to hold regardless of span type (simply supported or
continuous), number of spans, and structural materi-
als (steel or concrete). However, the apparent lack
of tolerance to horizontal movements tended to be
slightly more pronounced for all continuous struc-
tures and for concrete bridges.

The influence of span length on the tolerance of
bridges to foundation movements was studied in terms
of longitudinal angular distortion (maximum differ-
ential vertical settlement divided by span length).
It was found that, for 204 of the 280 bridges with
tolerance data, the data were sufficiently complete
to permit this type of analysis. Of these 204
bridges, the movements were reported to be tolerable
for 144 and intolerable for 60. Table 10 summarizes
the frequency of occurrence of the various ranges of
magnitudes of angular distortion considered toler-
able and intolerable for all types of bridges in-
cluded in this portion of the study and for bridges
by span type. When all of the bridges in the analy-
sis are considered, all 43 of the angular distor-
tions less than 0.001 and 94.6 percent of the 132
angular distortions less than 0.004 were considered
to be tolerable. However, only 42.9 percent of the
values of angular distortion between 0.004 and 0.0l
and 7.1 percent of those over 0.01 were considered
to be tolerable. This would suggest that, on the
basis of the field data, an upper limit on angular
distortion of 0.004 would be reasonable. However,
when the data are subdivided by span type, Table 10
indicates that the continuous bridges tended to be
more sensitive to angular distortion than the simply

supported bridges. Although this result was ex-
pected, it was anticipated that there would be a
more dramatic difference than that shown in Table
10. For the continuous bridges, 93.7 percent of the
79 angular distortions less than 0.004 were con-
sidered to be tolerable whereas only 25.0 percent of
those over 0.004 were considered to be tolerable.
In contrast, for the simply supported bridges, 97.2
percent of the angular distortions less than 0.005
were reported as being tolerable.

When the data given in Table 10 were broken down
in terms of material type, they suggested that the
concrete bridges might be slightly more tolerant to
angular distortion than the steel bhridges. Thus,
the reported trend for the concrete bridges to ex-
perience more frequent and more severe superstruc-
ture damage than the steel bridges as a result of
foundation movements did not show up in the toler-
ance data. This implies that the frequently re-
ported distress in the superstructure of concrete
bridges was quite often considered to be tolerable.
A detailed breakdown of the data in Table 8, in
terms of material type, provided verification for
this observation.

IMPROVED DESIGN AND CONSTRUCTION PRACTICE

One of the most surprising results of this study was
the relatively large number of pile-supported foun-—
dations that experienced movements. This suggested
unsatisfactory performance of the piles in resisting
the loads to which they were subjected. However, it
should be recognized that these data on foundation
movements are biased in the sense that they repre-
sent the observed behavior of only those bridge
foundations that have experienced some type of move-
ment. Consequently, the data are insufficient to
permit any inferences to be drawn concerning the
relative performance of different foundation systems
(i.e., piles versus spread footings). Moreover,
many of the case histories studied lacked sufficient
detail on the design and construction of the pile
foundations to permit a reliable evaluation of the
reasons for their poor performance. An effort is
being made to obtain additional information on these
bridges in order to determine what factors might
have contributed to the inability of the pile foun-
dations to resist the applied loads without move-
ments.

In the meantime, however, there are simple design
and construction measures that can be used to im-
prove the effectiveness of pile foundations in mini-
mizing bridge movements. One of the most important
considerations is the recognition of the way in
which piling derives its support from the underlying
and surrounding soil and rock. The results of this
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study have shown that this is particularly critical
with respect to resisting horizontal movements.
Thus, if a pile foundation is to be used, it must be
carefully designed to resist all of the forces to
which the unit of the substructure is subjected.
This includes lateral earth pressures as well as
vertical dead and live loads. We cannot count on
developing any significant amount of horizontal re-
sistance from vertical piles if these piles are ex-
pected to derive their lateral support £from the
passive resistance of soil that may itself be sub-
ject to horizontal deformation. Therefore, appro-
priate consideration should be given to the design
of batter piles to resist horizontal loading. Every
effort should be made to use modern techniques for
the analysis, design, and construction of pile foun-
dations (26-32). The implementation of improved
methods of analysis and design in recent years has
done much to improve the reliability of pile founda-
tions. The judicious use of test piles and pile
load tests (26,33) can also help to ensure that a
pile foundation will perform as designed.

One of the most common causes of foundation move-
ments revealed by this study was movement of under-
lying embankment materials and/or their founda-
tions. In fact, this basic cause of movement was
identified as being either totally or partly respon-
sible for the movements of more than 150 foundation
elements. These data suggest that, when abutments
or other substructure units are to be founded on
embankments, whether on spread footings or piles,
the embankment should be specifically designed to
resist postconstruction deformation either by set-
tlement of the embankment material, consolidation of
the underlying foundation soil, or sliding associ-
ated with slope or foundation instability.

Postconstruction settlement of the embankment
material can be minimized by careful placement and
control of compaction (34). Specifying well-
compacted, select (granular) borrow in the area im-
mediately beneath the substructure elements has
proved to be beneficial in many instances. The
application of preloading (17-19,35) and/or soil
improvement techniques (36-38) has also been very
effective in minimizing postconstruction settlements
of compressible foundation soils. The specification
of a "waiting period", after embankment construction
and before the construction of the foundation ele-
ments, is highly recommended. The use of simple
instrumentation, such as settlement platforms or
settlement stakes, during this waiting period can
provide positive information on the rate of settle-
ment and guidance as to when it is safe to proceed
with the foundation construction without the risk of
serious postconstruction settlement. It should be
recognized that, if the embankment is properly de-
signed and constructed to minimize or eliminate
potential movements, then one of the most commonly
cited reasons for founding on piles has been elimi-
nated and it may be found that spread footing will
provide an adequate foundation at substantial sav-
ings. Certainly, the cost-effectiveness of this
approach (15) should always be investigated.

The results of this study have shown enough prob-
lems arising from the instability of embankment
slopes and/or their foundations to suggest that the
practice of using standard slopes should be aban-
doned in favor of a formal slope stability analysis
and design procedure such as that used in the design
of earth dams. In this procedure, the foundation
soils and borrow materials are sampled and tested to
obtain conservative estimates of postconstruction
strength parameters that are then used to perform
appropriate stability analyses (39,40). The slope
is then adjusted until a suitable factor of safety--
say, l.5--is obtained. In the design of embankments
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at stream crossings, the possibility of stream bed
scour at the toe of the slope should always be cr -
sidered, and measures should be taken to prote.t
against its occurrence.

One of the most common categories of problems
revealed by this study was the opening or closing of
bridge deck joints and the damage to bearings caused
by horizontal movements of abutments and piers.
Although appropriate implementation of the recommen-
dations given above will certainly alleviate this
problem by reducing the magnitude of potential hor-
izontal movements, it is unlikely that all hori-
zontal movements can be entirely eliminated by these
techniques. This is particularly true for the case
of outward movement of perched abutments founded on
piles driven through embankments placed over deep
compressible soils. Because this phenomenon is not
well understood, the occurrence and magnitude of
movements of this type are difficult to predict
reliably. Consequently, it might be advisable to
anticipate some horizontal movements in addition to
those normally expected from thermal expansion and
contraction and design the joints and bearings to
tolerate them. Under some circumstances, it may be
desirable to consider minimizing or eliminating the
problem through the adoption of the integral-~
abutment concept. This scheme, which has been used
for structures up to approximately 350 ft (106.7 m)
in length (41), involves the construction of the
abutment integrally with the end of the superstruc-
ture. The superstructure, the abutment, and its
foundation are designed to tolerate the stresses and
deformation associated with thermal expansion and
contraction. Thus, this technique eliminates the
use of expansion joints and bearings at the abut-
ments. In those instances where expansion joints
and some kind of bearings are considered necessary,
consideration would be given to the use of elasto-
meric bearings, particularly for short- and medium-
span structures. If assurance of the elimination of
postconstruction movements cannot be provided eco-
nomically, or if expensive maintenance or replace-
ment of bearings is anticipated, then the provision
of jacking pads and other structural details that
will assist future Jjacking operations may be de-
sirable.

SUMMARY AND CONCLUSIONS

The data presented in this paper show that a sub-
stantial number of highway bridges throughout the
United States and Canada have exhibited a rather
wide range of both vertical and horizontal movements
of substructure elements. Generally, abutment move-
ments occurred much more frequently than pier move-
ments. Although both the frequency and magnitude of
vertical movements were often substantially greater
than horizontal movements, the horizontal movements
generally tended to be more damaging to bridge
superstructures. The data suggest that more consid-
eration needs to be directed to the potential ef-
fects of horizontal movements during the design
stage, particularly for perched and spill-through
abutments on fills and piers located near the toe of
approach embankments. Furthermore, care should be
exercised in the design and construction of approach
embankments in order to eliminate this important
potential source of damaging postconstruction move-
ments.

The study also showed that spread footing founda-
tions were used slightly more frequently than pile
foundations for abutments. However, many more piers
were founded on piles than on spread footings. Al-
though the movements of spread footing foundations
occurred a little more frequently, the movements of
pile foundations had slightly greater magnitudes.
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This suggests the need for a mote detailed examina-
tion of those cases of pile movements in order to
determine the reasons for the failure of the pile
foundations to serve their intended function of
eliminating or minimizing substructure movements.

The results of this study have shown that, de-
pending on type, length, and stiffness of spans and
the type of construction material, many highway
bridges can tolerate significant magnitudes of total
and differential vertical settlement without becom—
ing seriously overstressed, sustaining serious
structural damage, or suffering impaired riding
quality. However, it was found that many of the
bridges involved in this study were susceptible to
structural damage, particularly to joints and bear-
ings, from relatively small horizontal movements of
abutments and piers, and the level of these damages
was more severe when the horizontal movement was
accompanied by vertical movement.

In many instances, it was possible to identify
the cause or causes of the bridge movements and the
resulting structural damage. The primary causes of
substructure movements usually fell into three gen-
eral categories: (a) movements of approach embank-
ments and/or their foundations, (b) unsatisfactory
performance of pile foundations, and (c) inadequate
resistance to lateral earth pressures, causing hori-
zontal movements of abutments. The potential move-
ments arising from these sources can be minimized or
eliminated by using the relatively simple design and
construction techniques suggested above and thus
reducing the potential for structural damage and the
resulting maintenance.
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Caltrans Prestressed Concrete Pipe Culvert Research:
Design Summary and Implementation

ALFRED E. BACHER, ALBERT N. BANKE, AND DANIEL E. KIRKLAND

A summary of the design and implementation of a California Department of
Transportation (Caltrans) research project on the use of prestressed concrete
pipe in culverts is presented. The Cross Canyon installation has 96-in pre-
stressed concrete pipe culvert under 200 ft of overfill. The following design
summary conclusions were made: (a) Method A (compacted structure back-
fill) loadings of 140V :140H and 140V:42H are adequate; (b) fill heights
versus soil pressures were approximately linear; (c) there was excellent corre-
{ation between theoretical and experimental moments, thrusts, and displace-
ments; {d) the 96-in prestressed pipe was grossly overdesigned; and (e) earth
load stresses are additive to those from prestressing. In the future, Caltrans
proposes to introduce a new criterion, dimension ratio, for prestressed con-
crete pipe design, In eddition, impl tion of Section 1.16 {Prestressed
Concrete-Soil Structure Interaction System) of the AASHTO bridge specifi-
cations is recommended. [t is concluded that prestressed concrete pipe should
continue to be used for unstable drainage site conditions.

In 1963, the California Department of Transportation
(Caltrans), in cooperation with the Federal Highway
Administration, initiated a $3.5 million culvert
research program to assess the structural behavior
of culverts embedded in deep embankments. Included
in this extensive culvert research program was a
prestressed concrete pipe project located in Cross
Canyon. Culvert size was 96 in, and overfill height
was 200 ft.

The prestressed concrete pipe research project
was initiated because prestressed pipe, with its
semirigid structural characteristics, offered an
alternative type of underground structure with the
potential for appreciable savings in material. It
could sustain deformation of 0.5 to 1.0 percent
without impairment of its structural capability.
Furthermore, it had sufficient wall thickness to
offer assurance against catastrophic wall failures.

Caltrans has used prestressed concrete pipe cul-
verts for special designs involving unstable earth
slide conditions. Examples include the extension of

the 15-ft West Fork Liebre Gulch reinforced concrete
arch culvert, which had suffered severe distress
during construction, with a 12.5-ft-diameter pre-
stressed pipe and replacement of a failed triple
reinforced concrete box at San Pablo Creek with
triple 1ll-ft-diameter prestressed pipes. Pre-
stressed concrete pipe design had been historically
based on Marston-Spangler design criteria. Concern
that these criteria were not appropriate for culvert
design under high overfills and special design con-
ditions led to Caltrans' wundertaking this pre-
stressed concrete pipe culvert research.

CROSS CANYON PROJECT

Description of Installation

The Cross Canyon prestressed concrete pipe research
installation consists of a functional 96-in pre-
stressed concrete pipe, designated zone 11, with
instrumented plans A, B, and C; and zone 12, a con-
trol segment, placed in the same £ill. The center
pipe segment in zone 11 was instrumented with elec-
tric resistance strain gauges at each octant point.
Rebar strains in the concrete pipe were measured as
were strains in the concrete pipe core. The three
planes of instrumentation were placed 6 and 7 ft
apart, respectively, for planes A, B, and C (see
Figures 1 and 2).

Soil stress meters were embedded in the surface
of the concrete pipe at all three planes and in the
soil surrounding the concrete pipe. The upper half
of the pipe contained meters at 45° intervals, and
the lower half had meters at 30° circumferential
spacings. Strain gauges were placed in plane A only.

A new, specially designed Cambridge Meter, ob-
tained from Robertson Research, Limited, was in-
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stalled in zone 11, plane A. This device measures
both normal pressures and circumferential shears on
the pipe wall. Displacements, settlements, rigid
body rotations, and joint movements were measured
manually. Zone 1l was placed in a trench condition
and was surmounted by 10 ft of structure backfill.
Shaped bedding with a 120° bedding angle was also
provided.

Design Summary and Applications

The plots of the unadjusted effective densities of
planes A, B, and C of =zone 11 at Cross Canyon are
conclusive in the following respects. The stresses
produced by observed effective densities for method
A (compacted backfill structure), planes A and C,
can be approximated by using an idealized loading of
140V:42H. Plane B exhibited lesser circumferential
effective densities and a maximum of 99-pcf effec-
tive density at the crown. The lateral effective
densities ranged between 22 and 81 pcf in planes A,
B, and C.

The effective density increase after fill comple-
tion was negligible in planes B and C but did in-
crease significantly in plane A (Figure 1). This
anomaly represents the one instance in Caltrans
Method A rigid pipe culvert research when such an
increase did occur. However, the increased readings
of 144 pcf at position 1 and 148 pcf at position 5
are only slightly larger than the 140 pcf currently
specified by Caltrans.

There 1s approximate linearity of the soil stress
versus fill height plots up to £fill completion for
position 2 on planes A, B, and C (see Figure 3).
Note that for plane A there was an increase in ef-
fective density after £ill completion.

The asymmetry of effective densities common to
all Caltrans rigid culvert research results to date
(1, Section I, Volumes 1, 3, and 6; Section II, Part
1; Section III, Volume 2; Section IV, Volumes 1 and
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Figure 3. Soil pressures: zone 11,
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2; Section V, Volumes 11 and 12; and Section IX) was
also exhibited on planes A, B, and C of =zone 1l.
Cambridge Meter circumferential shear readings were
but one of the indications of the condition of asym-
metrical loading. A computational effort was made
to establish rotational, horizontal, and vertical
equilibrium at zone 11.

The correlation between the experimental moments,
based on soil-stress readings, and the theoretical
moments, based on strain gauges, using the neutral
point method was excellent for plane A (see Figure
4). These moments were of considerable magnitude--
i.e., 100 ft-kip.

In all previous Caltrans rigid culvert research,
there had been 1little success in correlating the
theoretical and experimental thrusts based on soil
pressure readings and strain gauges, respectively.
However, at plane A, zone 11, with thrusts as high
as 64 kips, excellent correlation was achieved (see
Figure 5).

As an indication of the gross overdesign of the
96-in prestressed concrete pipe at Cross Canyon,
with a wall thickness of 24 in, the maximum deflec-
tion observed was 0.08 in (see Figure 6). The theo-
retical displacement based on observed soil pres-
sures has excellent correlation with the theoretical
displacements based on extensometer measurements.
No cracking was observed at zone 11l.

Further confirmation of the gross overdesign was
provided by the theoretical prestressing steel
stresses obtained for outer wrap (there were two
layers of prestressed steel), due to earth load
only, based on measured soil pressures/neutral point
analysis (see Figure 7). The maximum tensile stress
of 9300 psi, due to earth load only, is indicative
of gross overdesign of the 24-in wall thickness of
the 96-in prestressed concrete pipe at Cross Can-
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Figure 5. Theoretical and experimental thrusts: zone 11, plane A.
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yon. This is further supported by the fact that the
1000D pipe with an 8-in wall thickness of the dummy
84-in reinforced concrete pipe at this same site was
sufficient structurally to withstand 200 ft of over-
£1ll.

A comparison has been made between the 96-in pre-
stressed concrete pipe furnished at Cross Canyon,
based on D-load equivalency, and a 1000D reinforced
concrete pipe. By using Paris coefficients and the
working stress method, for a prestressed concrete
pipe designed for a field load of 230 000 1lb/lineal
ft and a 90° bedding angle, the equivalent D-load
obtained is 15 000D. A comparable 1000D prestressed
pipe would have a 7-in wall and 0.45-in2?/ft pre-
stressed steel.

Two cages of bar reinforcing steel were also in-
cluded in zones 11 and 12 to facilitate the research
of this prestressed concrete pipe. That this pre-
stressed concrete pipe 1is grossly overdesigned is
supported by the fact that compressive stresses only
were observed for the inner and outer cages of the
bar reinforcing (see Figures 8 and 9). Initially,
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Figure 8. Inner reinforcing bar, compressive stress: zone 11.
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Figure 9. Outer reinforcing bar, compressive stress: zone 11.
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the prestressing had resulted in a compressive
stress of 6800 psi in the bar reinforcing steel.
Subsequent placement of earth overfill reduced the
compressive stresses to 700 psi in the inner rein-

forcing bar cage.
Tensile stress was observed only on the concrete

inner fiber after the overfill exceeded 110 ft (see
Figures 10-13). Initially, the prestressing had
resulted in a 735-psi compression on the inner and
outer concrete fibers. The net tensile stress of
220 psi observed in the concrete inner fiber at the
time of £ill completion is 1less than the 450-psi
allowable tensile stress for concrete. The exis-
tence of low tensile stresses was affirmed by the
fact that no cracking was observed in zone 11.

It is apparent that the use of prestressed con-
crete pipe for a high fill poses a situation in
which the prestressing stresses are added to the
stresses induced by the earth overfill. The design
of the prestressed concrete pipe was based on
Marston-Spangler criteria; experimentally, the in-
stalled pipe was found to be overdesigned.

The primary use for prestressed concrete pipe to
date has been for internal pressure conditions.
Ameron Pipe Products, for example, has placed more
than 300 miles of prestressed concrete pipe as pres-
sure pipe. Prestressed concrete pipe has been used
by Caltrans in special designs because of its semi-
rigid structural characteristics. Except for Cross
Canyon, it has been placed where overfills were less
than 90 £t and has performed extremely well.

IMPLEMENTATION

Based on reinforced concrete pipe research at Moun-
tainhouse and Cross Canyons, Caltrans has imple-
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Figure 10. Concrete inner fiber, compressive stress: zone 11.
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Figure 11. Concrete outer fiber, compressive stress: zone 11.
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Figure 13. Concrete outer fiber, tensile and compressive stress: zone 11.
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Figure 14. Caltrans criteria 140pe!
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mented design loadings of 140V:140H and 140V:42H for
reinforced concrete pavement. They are considered
equally applicable to prestressed concrete pipe de-
sign, where the dimension ratio is 1.0-11.9 (see
Figure 14).

The American Association of State Highway and
Transportation Officials (AASHTO) has recently re-
vised its Article 1.2.2A, Loads on Culverts (2), to
specify two loading conditions for rigid culverts:
120V:120H and 120V:30H (see Figure 15).

FUTURE CONSIDERATIONS

1. Caltrans proposes to introduce a new crite-
rion, dimension ratio, for prestressed concrete pipe
design (see Figure 16). Dimension ratio is defined
as the internal diameter in inches divided by the
wall thickness in inches. Caltrans reinforced con-
crete pipe research at Cross Canyon, previously
reported, has emphasized the importance of the di-
mension ratio. With a dimension ratio of 4.0, the
previous assumption by Caltrans that a prestressed
concrete pipe always acts as a semirigid structure
was not supported by this research. With a wall
thickness of 24 in and an inside diameter of 96 in,
zone 11 is, in ettect, a rigid culvert. Ameron has
developed tables based on a dimension ratio of
13.0--i.e., a semirigid condition. The initial
proposed loadings are 140V:140H and 140V:91H for
semirigid culvert design. Caltrans 1is currently
developing a curvilinear relation between varying
lateral effective densities and dimension ratios.

2. Initiation and development of Section 1.16 of
the AASHTO bridge specifications (2)--Prestressed
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Concrete-Soil Structure Interaction Systems--are

recommended.
SUMMARY

The primary use of prestressed pipe to date has been
for pressure pipe installations. In Caltrans, it
has been limited to special drainage designs and has
been considered a semirigid design. The prestressed
concrete pipe research reported in this paper,
coupled with the reinforced concrete pipe research
by Hydro-Conduit using pipes that share common di-
mension ratios and Ameron prestressed concrete pipe
designs, gives further support to the dimension
ratio concept.

Prestressed concrete pipe continues to offer an
acceptable alternative for special drainage de-
signs--i.e., where there is an unstable soil condi-
tion in a potential slide area. Under high fills it
is not recommended, since there is admittedly the
adverse effect of the earth loads being added to the
prestressing forces.
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Effect of Heavy Loads on Buried Corrugated

Polyethylene Pipe

REYNOLD K. WATKINS, RONALD C. REEVE, AND JAMES B. GODDARD

Corrugated polyethylene pipe, developed originally in 4- to 12-in diameters for
land drainage, is now manufactured in larger diameters for other uses of buried
conduits such as culverts, air ducts, and service conduits. Tests were conducted
on pipes with 15-, 18-, and 24-in inner diameter to investigate the structural per-
formance and performance limits of these larger-diameter pipes when subjected
to external soil pressures. For pipes in typical native soil backfill, compacted
by typical methods to greater than 80 percent standard density (AASHTO
T-99), less than 1 ft of soil cover (called minimum cover) was found to be ad-
equate protection against H-20 (32-kip/axle) loads and up to 54-kip/axle
“super-loads’’. The soil envelope does not have to be select material. At less
than minimum cover, the performance limit is either (a) excessive pipe deflec-
tion or (b) localized reversal of curvature directly under the wheel load. Under
high soil cover, both the performance and performance limit are pipe deflection
(out-of-roundness), which is a function of the total vertical soil pressure and is
equal to or slightly less than vertical-soil strain in the backfill material on both
sides of the pipe, herein referred to as sidefill. in compacted soil backfill, pipe
deflection is less than 10 percent for either H-20 loads on minimum soil cover
or vertical pressures up to 2500 psf under high soil cover. Pipe stiffness is
roughly equal to steel and is greater than aluminum in 16-gage, 2-2/3 x 1/2 cor-
rugations.

Corrugated plastic pipe is one of the leading pipe
materials used for 1land drainage in the United
States. It was introduced in the late 1960s, begin-
ning with small inner diameters (ID) (3 and 4 in),
which were used primarily for agricultural 1land
drainage. During the 1970s the uses for corrugated
plastic pipe greatly increased. Sizes up to 15-in
diameter were developed, and applications were ex-
tended to highway drainage and to various residen-
tial and commercial construction uses, including
foundation drainage, home sewage disposal, and grain
aeration. With the introduction of 18- and 24-in
pipe in 1981, the uses for corrugated plastic pipe
again expanded to a still wider range of applica-
tions, including mining, culverts for roads and
driveways, and other types of entrance and ditch
crossing applications.

In 1979, field loading tests were conducted at
Hamilton, Ohio, to evaluate the structural perfor-
mance of 12-in corrugated polyethylene pipe for
various types of culvert installations (l). With the
recent development of the larger pipe diameters (18
and 24 in), the following additional questions arise.

Are there any structural limitations pertaining
to these larger-diameter pipes when they are sub-
jected to heavy external soil pressures? Subdrain-
age pipe is often backfilled with gravel or similar
material that provides a filter for the inflow of
ground water but also provides radial support for
the pipe. 1If the pipe is used for purposes other
than subdrainage (i.e., culvert), a select backfill
material is not needed as a filter., But is it needed
as support for the pipe? Most drainage pipe is
installed in trenches and at shallow depths that can
be excavated by a backhoe or wheel trencher or
plowed in with a drainage plow. The most critical
pipe loadings are surface wheel loads usually no
heavier than H-20 truck loads, the highest legal
highway wheel 1loadings. Can buried polyethylene
pipe, with minimum cover, resist the super heavy
wheel loads of construction equipment, off-highway
trucks, etc.? Can corrugated polyethylene pipe be
buried under very high embankments or in very deep
trenches? What about pipe stiffness?

To answer these questions, field tests were con-
ducted at London, Ohio, by Utah State University
(USU) in cooperation with Advanced Drainage Systems,
Inc., to investigate the effect of heavy loads pass-
ing over shallow buried corrugated polyethylene
pipe. An additional series of tests conducted at
USU used a pressure soil test cell to simulate the
effect of great depths of cover, which in some cases
can result in very high soil pressures. Comparative
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tests were conducted by the Wadsworth Testing Labo-
ratory of Canton, Ohio, and by USU on the stiffness
of functionally equivalent corrugated pipes of
steel, aluminum, and polyethylene.

NOTATION
The following notation is used in this paper:

D = nominal pipe diameter = inside diameter
(in),

d = depth of corrugation (in),

Dm = mean diameter of pipe = D + 4 (in),

B = width and height of select soil envelope,
usually gravel (in) (in this study, width
and height were equal),

H = height of cover above the top of the pipe
(in),

H/D = ratio of height of cover to nominal pipe
diameter (dimensionless),

Ay = vertical pipe deflection (in),

Ay/D = ratio of decrease in vertical diameter
to the original circular diameter
(dimensionless),

y = soil density based on AASHTO T99, applied
to native soil in situ, or after compaction
of soil backfill (pcf),

P = vertical soll pressure at the top of the
pipe (psf},

e = vertical soil strain (in/in), and

F/Ay = pipe stiffness (lb/in of length % in
of deflection).

MINIMUM COVER TESTS
Procedure

A test course of seven pipe runs was set up at a
site near London, Ohio, as shown in Figure 1. Each
pipe run consisted of two 20-ft sections coupled
together at the midpoint (the midpoint was not a
measurement point). The objective of the testing
program was to determine, for buried corrugated
polyethylene pipe, the relation of pipe deflection
to height of soil cover under large wheel loads at
various backfill densities.

Loads

A single-axle H~20 load, 16 kips/dual wheel, was
used as the basic load, but "super-loads" up to 27
kips/wheel, as might be applied by heavy off-highway
equipment, were also investigated. The standard
truck H-20 rear axle load of 32 kips was simulated
by use of a John Deere model 762 scraper. The front
wheels of the loaded scraper (16 kips each) were
centered directly over the pipe as shown in Figure 2.

Deflection

The pipe deflection under each wheel was measured by
using a spring-loaded, direct-reading deflectometer
(see Figure 3). Deflection was measured to the
nearest 1/16 in at five loading positions at 3-ft
spacings on each side of the midpoint of each 40-ft
pipe run, which made a total of 10 measuring
points/pipe. As the testing proceeded, it became
apparent that deflections were less than 5 percent
even when the height of cover was less than 12 in.
To obtain a wider range of deflections, it was de-
cided to remove cover from the shallow end of each
pipe run and to test the pipe with the H-20 load at
zero cover.

Cover

The pipes were installed in sloping trenches and
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backfilled to the original soil level (as shown in
Figure 1) to provide a oontinuously deoreasing
height of cover from one end of each pipe run to the
other. The height of cover was determined from
elevations taken along the pipe before and after
backfilling.

Materials

Three sizes of corrugated polyethylene pipe were
tested: 15-, 18-, and 24-in diameters. The re-
cently developed 18- and 24-in-diameter pipes are
manufactured with a slightly angled helical corruga-
tion of approximately 2°, These sizes were compared
with the annularly corrugated 15-in-diameter pipe
manufactured by the continuous extrusion and cor-
rugating process. The pipes used in the tests were
representative of standard production material. The
high-density polyethylene resins used in the manu-
facture of the pipes complied with the requirements
of Type III, Class C, category 5 as defined and
described in ASTM D1248. The pipe stiffness values
recorded on the test specimens exceeded the proposed
minimum pipe stiffness requirements of large-diam-
eter pipe of 40 psi at 5 percent deflection and 30
psi at 10 percent deflection.

As shown in Figure 1, the testing was designed
for three soil densities: 75, 85, and 95 percent
American Association of State Highway and Transpor-
tation Officials (AASHTO) standard density. The
native soil at the site was used as backfill on six
of the seven pipe runs. Uncompacted gravel backfill
(AASHTO coarse aggregate 57, uncompacted) was used
on run 3. The backfill soil was a mixture of two
strata: a 2.5-ft stratum of sandy clay silt (Uni-
fied Soil Classification CL) and a sandy silty clay
from below that depth (CL).

The soil backfill around the pipe was compacted
by mechanical power tampers as shown in Figure 4.
For pipe runs 1, 2, 5, 6, and 7, the soil was com-
pacted in successive lifts of about 6-10 in each,
depending on the desired degree of soil density.
More lifts and more passes achieved greater density.
The soill backfill for pipe run 4 (75 percent speci-
fied density) was dumped on and around the pipe with
a loader and spread with a dozer blade; there was no
compaction except the slight compaction due to the
D-6 crawler dozer passing over the completed back-
£ill with a track pressure less than or equal to 3
psi. A specified density of 75 percent usually
indicates uncompacted or very 1lightly compacted
soil. The density of the soil was checked with a
Troxler nuclear densitometer at several stations
along the pipe and at various levels as the back-
filling progressed.

Results

The results of the tests for minimum cover on 24-in-
diameter pipe subjected to H-20 loads are shown in
Figures 5 and 6, where Ay/D is plotted as a func-
tion of both height of soil cover in inches and the
dimensionless soil cover term H/D. The dashed curves
are power curves of the form (y = bx™) that repre-
sent the best-fit curves of the data for the 24-in
pipe at the three average soil densities of the
field tests--95.8, 91.8, and 75.0 percent. Because
the soil densities attained on pipes 5 and 7 were
nearly equal, the data were combined for analysis.
For purposes of design, plots of 95 percent con-
fidence levels were evaluated by using the 24-in
pipe data for soil densities of 75, 80, 85, 90, and
95 percent standard AASHTO density. These are shown
in Figure 6. The 95 percent confidence level plot
is that plot below which 95 percent of all test data
fall. The test data for pipe 3, uncompacted gravel
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Figure 1. Minimum cover test layout at London, Ohio. PIPE o Backill Density HEIGHT OF COVER
Run (in.) Specified  Achieved  H, (jn,) DIA. (in.) H, (in.)
No. (5)
5 20
1 15 soil 85 85.7 2.7 | 157 i
8 20
2 18 soil 85 85.2+1.5 | 18" |
8 24
3 24 gravel uncompacted [ 24" |
6 30
4 24 soil 75 75 +3.5 | 24" |
6 24
5 24 soil 85 90.8+1.3 [ 24" 1 i
6 24 3
6 24 soil 95 95.8 +3.4 [ 24" | }
16 40
7 24 soil 95 92.5+1.5 [ 24" j

H-20 LOAD ’4— 40 ——‘

Thid "

A\ T /

SLOPING PIPE METHOD OF
VARYING HEIGHT OF COVER, H.

Figure 2. H-20 standard truck load (32-kip axle load), simulated with John Figure 3. Spring-loaded, direct-reading deflectometer.
Deere scraper, being positioned for deflection measurement.

backfill, are also shown in Figure 6. These data
fall within the range of cover from 20 to 30 in. The
performance of the gravel backfill was similar to
that of soil backfill at 95 percent density.

For most pipe installations, the maximum allow- cover at 85 percent soil density for all three diam-
able ratio of deflection would be set at Ay/D = 10 eters under H-20 loads. The apparent reversal of
percent by the design engineer. This includes a positions of the 15- and 18-in curves left of H = 16
safety factor of 2 based on an assumed performance in indicates that localized anomalies begin to af-
limit of aAy/D = 20 percent. Thus, the safety fect the deflection at very low soil cover. It was
factors inherent in Figure 6 for 24-in pipe are observed that with less than a foot of soil cover
generally adequate for design. the deflection is sensitive to tire tread and tire

For comparison of all three diameters, Figure 7 pressure, surface finish (cut by blade after compac-

shows the 95 percent confidence levels for minimum tion or filled, i.e., backraked by blade), surface
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soil type, moisture content, etc. This is to be
expected since at very shallow heights of cover live
loads are not uniformly distributed to the under-
ground conduits. It is also noteworthy that to the
right of H = 16 in the 24-in-ID plot is lower than

Figure 4. Compacting backfill with powered tamper.
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the other two, which indicates that a 24-in-ID pipe
is relatively deeper in the pressure bulb under an
H-20 dual wheel than are the smaller pipes. For the
H-20 load, separate plots of Ay/D versus H for
each pipe size are proposed as shown in Figure 7.
Further details concerning the effects of loads are
given by Watkins and Reeve (2).

Based on the assumption that the effects of the
backfill density on the 24-in pipe are similar for
the 15- and 18-in sizes, a curve-fitting technique
was used to interpolate the relation between per-
centage deflection and height of cover for interme-
diate soil densities of 80, B85, and 90 percent.
These relations for 15-, 18-, and 24-in pipes are
given in Tables 1-4. The values in Tables 1 and 2
are average values from the best-fit curves. The
values given in Tables 3 and 4 are at the 95 percent
confidence level. Tables 1 and 3 give percentage
deflection for various heights of cover, and Tables
2 and 4 give helght of cover for various percentage
deflections. Tables 3 and 4, at the 95 percent
confidence level, should be used for design.

Super-Loads

In some applications, loads from off-highway-type
vehicles, such as large scrapers, may need to be
taken into account in the design process. A super-
load of 54 kips on one axle was achieved by teeter-
ing a loaded John Deere model 762 scraper on its
blade. This was done by using the blade as a ful-
crum to raise the tractor axle off the ground with
the machine's hydraulic system. The blade bore on
timber blocks cut to simulate single-wheel imprint
areas of 12x24 in each. Where Lhe soil cover was
less than 6 in, the 27-kip wheel 1loads sheared
through the pipe. For pipe 4 at 75 percent soil
density and soil cover ranging from 20 to 24 in, the
pipe deflection ranged from 3 to 7.5 percent. Where
the cover exceeded about 12 in, the pipe deflection
was not significantly greater than that for the H-20
standard AASHTO truck loading.

HIGH SOIL PRESSURE TESTS

The USU soil pressure test cell (see Fiqures 8 and
9) was used to evaluate the structural performance
of 4-ft-long test sections of the 15-, 18-, and

24-in-diameter corrugated polyethylene pipe sizes

Figure 5. Deflection versus cover height for 24-in
pipe under H-20 loading at three average backfill
densities. o

= .

o, ————Best Fit Power Curves
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Z

O 95 8% 243 - 89 -62

; 10 91 8% 776 -1.45 -.87

O 5%" 334 -143 -.96

w

=1

VIR d

w L

0O 5§

2
R X —9,?'—'~:§_‘tg:“___::: T ey
0 25 30 35
H=HEIGHT OF COVER, (INCHES)
| | | | | | |
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Figure 6. Deflection versus cover height for 24-in
pipe under H-20 loading with 95 percent confi-
dence level curves for five backfill densities. =
X .
by -——=95% Confidence Curves
RS TEST AVERAGE
> 5k DATA BACKFILL
d SYMBOLS  DENSITY
- PERCENT STANDARD
zZ AASHTO DENSITY
O \\ \\ \ \ %\ x 95 8%
g VAN [ 918%
'— 10 \ \‘ \ \% \\\ -] 75%
O \ L DO . GRAVEL
ﬂ \ B \’f' % (UNCOMPACTED)
(TR \\ N R
L \ﬂﬁ Ng NG TN N
0 5 Y9 ~2\_\° \\1 Sy,
~ ~ ~
~ ~ i
% )’(( :‘\9‘0\\° \\‘\ \:‘\‘“
% 5 P ] S ]
g h:g; 3|
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Figure 7. Plots of 95 percent confidence
values for deflection versus cover height at 85
percent soil density under H-20 loading. o
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Table 1. Average deflection values by cover h
height for 15-, 18-, and 24-in pipe diameters Ave Deflection (%)
and 80, 85, and 90 percent backfill densities. Cover 15in 18in 24 in
Height
(in) 80% 85% 90% 80% 85% 90% 80% 85% 90%
3 12 10
4 11 9 8 10
5 9 8 7 11 10 7
6 8 7 6 9 8 6
7 i 6 5 10 8 7 S
8 6 6 5 13 11 8 7 6 4
9 6 S 4 12 9 2 6 5 4
10 5 5 4 9 7 6 6 4 3
11 5 4 4 8 6 5 5 4 3
12 5 4 3 7 6 4 5 3 3
13 4 4 3 6 5 4 4 3 2
14 4 4 3 6 4 3 4 3 2
15 4 3 3 5 4 3 4 3 2
16 4 3 3 5 4 3 3 2 2
17 4 3 3 4 3 3 3 2 2
18 4 3 3 4 3 2 3 2 2
19 3 3 2 4 3 2 3 2 1
20 3 3 2 3 3 2 3 2 1
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(the USU tests are referred to as high soil pressure
tests). In the test cell, performance limits were
identified and related to corresponding vertical
soil pressures that may be associated with high
earth fill in typical cohesionless soils. The ob-
jective of this testing was to find the relation
between deflection and high soil pressures at vari-
ous soil densities with and without select soil
(gravel) envelopes immediately around the pipe.
The test schedule was as follows:

Test Pipe ID Envelope So0il Backfill
No. (in) B (in) Density (%)

1 24 None 85

2 24 None 75
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Test Pipe ID Envelope Soil Backfill
No. (in) B (in)  Density (%)

3 15 27x27 75

4 18 27x27 75

5 18 27x27 85

6 18 27x27 95

7 15 None 75

Procedure

High vertical pressure was applied in the soil cell
by hydraulic rams that had sufficient capacity to
simulate depths of soil cover to more than 100 ft.
The load was applied in increments, and observations

Table 2. Minimum cover height versus pipe
deflection for 15-, 18-, and 24-in pipe diameters

Minimum Height of Cover (in)

and 80, 85, and 90 percent backfill densities.

Deflec- 15in 18 in 24 in
tion
(%) 80% 85% 90% 80% 85% 90% 80% 85% 90%
1 95 75 63 44 36 30 55 32 25
2 38 30 25 28 23 19 28 18 14
3 22 18 14 21 18 15 18 13 1o
4 15 12 10 17 15 13 14 10 8
5 11 9 7 15 13 11 11 9 <
6 9 7 6 13 12 10 9 8 6
7 7 6 5 12 11 9 8 7 5
8 6 5 4 11 10 8 T 6 5
9 5 4 3 10 9 8 6 5 4
10 4 4 3 9 8 7 6 5 4
11 4 3 3 9 8 7 5 5 4
12 3 3 2 8 7 6 5 4 3
Table 3. Pipe deflection at 95 percent confi- .
dence level versus cover height for 15-, 18-, and Deflection (6}
24-in pipe diameters and 80, 85, and 90 percent (. 15 184 24 in
backfill densities. Height
(in) 80% 85% 90% 80% 85% 90% 80% 85% 90%
3 12
4 12 10 12
5 13 10 8 12 9
6 11 9 7 13 10 51
7 10 8 6 13 11 8 6
8 9 8 6 10 9 7 5
9 8 T S 11 8 8 6 5
10 8 6 5 12 9 7 7 6 4
11 7 6 5 10 8 6 6 5 4
12 7 6 4 9 7 5 6 4 3
13 6 5 4 8 6 5 5 4 3
14 6 5 4 7 6 4 S 4 3
15 6 5 4 6 5 4 5 3 2
16 5 S 4 6 5 3 4 3 2
17 5 4 4 S 4 3 4 3 2
18 5 4 4 5 4 3 4 3 2
19 5 4 3 4 3 3 4 3 2
20 5 4 3 4 3 2 3 2 2
Table 4. Minimum cover height at 95 percent » = 7
confidence level for 15-, 18-, and 24-in pipe Minimum Cover Height (in)
diameters and 80, 85, and 90 percent backfill Deflec- 15in 18in 24 in
densities. tion
(%) 80% 85% 90% 80% 85% 90% 80% 85% 90%
1
2! 66 53 43 32 27 23 32 24 17
3 38 19 23 25 21 L7 22 17 13
4 25 20 ts 20 17 15 17 13 10
5 19 14 11 18 15 13 14 11 8
6 14 11 8 16 13 11 12 9 7
7 12 9 6 14 12 10 10 8 6
8 10 7 5 13 11 9 9 7 6
9 8 6 4 12 10 9 8 7 5
10 7 5 4 11 10 8 7 6 5
11 6 5 3 10 9 8 7 6 4
12 6 4 3 10 8 7 6 ] 3
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Figure 8. USU high vertical soil pressure test cell, showing setup for testing
corrugated plastic pipe.
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Figure 9. USU high vertical soil pressure test cell in operation,

such as visual distress and deflection were recorded
at each increment of load.

The native soil used in these tests was fine sand
with about 20 percent silt. The select soil enve-
lope was gravel with some coarse sand, all less than
0.5-in sieve mesh. The soil densities in the labo-
ratory were measured with a densitometer in a proce-
dure similar to that used in the field tests.

Results

The tests produced the following results and general
observations.

Deformation

The performance 1limit was ratio of deflection

Ay/D. No wall buckling, wall crushing, cracking,
or tearing occurred. At deflections greater than
about 25-30 percent, a longitudinal dimpling in the
inside crests of corrugations could be detected at
nine and three o'clock. As a performance limit this
was discounted in favor of prior deflection of 20
percent, proposed by Spangler as "failure". That no
wall crushing occurred under these extremely high
pressures in the soil cell is remarkable. This
confirms recent observations that polyethylene pipes
do not fracture under constant strain (constant
deformation) because stress decreases (stress re-
laxes) faster than strength decreases. In this
case, the soil envelope assured constant deformation
at each load increment.

Deflection versus vertical soil pressure for 24-,
18-, and 15-in pipe, respectively, is shown in Fig-
ures 10-12, Silty sand backfill was used in the
tests, with a 0.375- to 0.5-in gravel envelope for
the 24- and 18-in pipes and with and without a
gravel envelope for the 15-in pipe.

Flexible Pipe Ring

Corrugated polyethylene pipe has a flexible cross
section (ring) despite the corrugations. Therefore,
under load, deflection is essentially equal to ver-
tical soil strain:

AY/D = ¢

where Ay/D is the ratio of wvertical decrease in
diameter to nominal pipe diameter and ¢ is verti-
cal soil strain. The corrugations serve to hold the
shape of the pipe ring during placement of the side-
£ill. But, as vertical soil pressure is applied,
the flexible ring simply conforms with the soil. The
only exception occurs in loose soil (75 percent
density). The slight hump at the lower end of each
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Figure 10. Vertical deflection versus vertical soil pressure for 24-in pipe in

high pressure soil cell. 6%
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deflection plot indicates some initial resistance by
the corrugations before the soil is dense enough to
dominate deflection.

Select Gravel Envelope

The select gravel -envelope reduced deflection
slightly in very loose soil (see Figure 13). If the
B/D ratio is roughly l1.8--or, say, 2--then the maxi-
mum reduction in deflection achieved by using a
select gravel envelope is less than one-third. There
is some benefit in using a gravel envelope to reduce
deflection but only if the native soil is unusually
compressible and if the B/D ratio is 2 or greater.
On the other hand, where the entire backfill is

NO COMPACTION EFFORT
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Figure 12, Vertical deflection versus vertical soil pressure for 15-in pipe in
high pressure soil eall.
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Figure 13. Effect of B/D on deflection (not significant in loose soil for
B/D < 2).
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gravel, the high internal friction of the gravel

forms a semirigid structure and carries virtually
the total load with minimal pipe deflection. The
response of total gravel backfill is essentially the
same as native soil backfill at 95 percent density.

Minor Variables

Observations indicate that minor variables that
influence pipe performance are (a) pipe diameter and
(b) select soil envelope.

Pipe Diameter

The data plots in Figures 10 and 11 show a tendency
toward steeper plots for the 24-in pipe than for the
18-in pipe. All other conditions appear to remain
equal. This does not mean that pipe stiffness is
significantly greater for the 24-in pipe nor that
pipe stiffness has significant effect on deflection.
In fact, all deviations in pipe deflection for any
soil density and pressure are within one standard
deviation of vertical soil strain at the same den-
sity and pressure for all diameters. Uniformity of
soil density may be a modifying factor. The wider
corrugations of the 24-in pipe may allow higher soil
densities between the corrugations. The larger pipe
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Figure 14. Pipe stiffness ratio.
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diameter may also permit more compaction 1lifts--
i.e., more uniformity--on each side than a smaller
pipe. Certainly, the relative positions of soil
1lifts to pipes are not identical for the 18- and
24-in pipes.

Select Soil Envelope

Figure 13 shows how much the pipe deflection is
resisted by the select soil (gravel) envelope for
various values of B/D. However, the deviation of
these plots from each other is not statistically
gignificant. Standard deviations due to other major
variables are dgreater than the deviation of the
three plots from their mean. In fact, the apparent
influence of B/D on Ay/D is just the reverse of
what would be anticipated. A larger sample is
needed if significance is to be tested. But the
more important observation is that the gravel enve-
lope where B/D is small serves little purpose struc-
turally in maximum cover design except to ensure
integrity of the soil support about the pipe, in-
cluding the spaces under the haunches and between
the corrugations.

COMPARATIVE PIPE STIFFNESSES

Pipe stiffnesses were measured for functionally
equivalent corrugated pipes of aluminum, steel, and
polyethylene in diameters of 15, 18, and 24 in. The
metal pipes were 1l6-gage, 2-2/3x1/2 corrugations.
The following can be concluded from the tests:

l. The differences between calculated and mea-
sured values of pipe stiffness are so great that the
use of calculated values for design is suspect. It
is recommended that the industry adopt measured
values of pipe stiffness F/Ay for design except in
cases where it is proved that calculated values,
such as F/Ay = 53.77 EI/D3, are essentially the
same as measured values.

2. Pipe stiffness at 5 percent deflection is
greater than pipe stiffness at 10 percent by roughly
one-third; i.e., 52 pii at 5 percent and 37 pii at
10 percent. For design, it is recommended that pipe
stiffness at 5 percent be used.

3. Pipe stiffnesses vary as much as three to one
between aluminum and steel. Pipe stiffness for
polyethylene is about the same as for steel. Ulti-
mate loads follow roughly the same ratios. It is
noteworthy that pipe stiffness is of value in main-
taining the shape of the pipe ring during construc-
tion and in resisting heavy surface loads under
minimum soil cover.

The question arises, Does creep reduce the pipe
stiffness of polyethylene? The answer is yes. How-
ever, creep does not occur during short periods of
load such as those experienced during installation
or under live surface loads. The strength in re-
sisting sudden loads is not reduced by creep. At
constant pipe deformation, stresses decrease (relax)
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at a faster rate than strength. Therefore, polyethy-
lene pipes supported by good soil are not prone to
structural failure as a function of time of service.
This would not be true in plastic soil. Service life
(50-year) strength should be used for design in this
case.

The differences between measured and calculated
values of pipe stiffness can be explained by the
following.

Longitudinal Seams

If the seam can rotate as a longitudinal hinge, then
the pipe stiffness ratios (F/Ay no hinge to F/Ay
hinge) are as follows (see Figure 14):

Location of Pipe
Single Seam Stiffness
(hinge) Ratio
Top or bottom 2.4
Springline 1.6

(either one)

These values are limiting cases because seams are
not hinges. However, they do show the sensitivity
of pipe stiffness to a longitudinal seam that does
not develop full resistance to moment. Even when a
plastic hinge starts to form, the partial rotation
allows a reduction in F/Ay. Corrugations do not
nest perfectly in overlap. Rotation of seams in
buried pipes is often observed in the field.

Locked-In Stresses near Yield Point

Because corrugated metal pipes are cold-formed,
circumferential stresses can be high enough that
with little deflection the yield point is exceeded,
especially at the springlines when outside locked-in
stress is in tension. Even without a locked-in
stress, a 2l-in-diameter aluminum pipe reaches a
yield point of 35 ksi before the deflection reaches
3.4 percent. The same pipe in steel reaches yield
point, 40 ksi, at only 1.4 percent. Clearly, F/Ay
measured at 5 percent deflection and greater is less
than the calculated value, F/ay = 53.77 EI/D®.

In order to form a fully developed plastic hinge,
a moment of = 1l.44 M, is needed. M, is the
elastic moment at which the yield point is just
reached. It is the start of a plastic hinge. 1In
other words, if the elastic yield point is reached
in aluminum at the top and bottom when the deflec-
tion is 3.4 percent, then plastic hinges form at top
and bottom when deflection is 1.44 (3.5) = 5 per-
cent. Plastic hinges are incipient on the spring-
lines at deflections no greater than 9 percent;
i.e., 5 percent (Mg/Mp) = 5 percent [n(n -
2)/2] = 9 percent. At 9 percent deflection, the
specimen will collapse under the parallel plate load
because four plastic hinges cause instability. Pipe
stiffness drops to zero at collapse.

Deflection

The deflection itself causes moments that increase
at a greater rate than the applied parallel plate
load. Due to elliptical pipe deformation, the pipe
stiffness at 10 percent deflection is only 90 per-
cent of the pipe stiffness for a circle.

Because this effect combines with the plastic
hinge effect, locked-in stress, and longitudinal
seam effect, the low measured values of F/Ay com-
pared with the traditional F/ay = 53.77 EI/D?
are readily understood.

Nonelliptical Pipe

First-mode deflection of a pipe in soil is the el-
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lipse. The ellipse causes the least circumferential
stress for any given deflection. linfortunately, the
ellipse is ideal but buried pipe is not. The paral-
lel plate test is even less so. Because the pipe is
not elliptical, stresses are greater for a given
load and pipe stiffness is less than for an ellipse.

DISCUSSION OF RESULTS

The minimum cover tests were designed to evaluate
the localized effect of large asymmetrical loads on
the pipe-soil structure. The high 8soil pressure
tests were designed to evaluate performance under
uniformly applied vertical pressures.

For buried pipe that is confined by considerably
more than the minimum soil cover, the distribution
of pressure on the pipe is uniform for live load as
well as dead load. The deflection is symmetrical.
This is not true at soil cover equal to or less than
the minimum soil cover. For practical pipe design
under super-heavy surface loads, methods of evaluat-
ing vertical soil pressure P on the select soil
envelope are available. For Cooper E-80 locomotive
loading, the values are listed in the Handbook of
Steel Drainage and Highway Construction Products (3,
p- 87). For heavy off-highway wheel 1loads, the
Boussinesq method of analysis is adequate.

Performance Criteria

Considerable importance is attached to the finding
in these tests that polyethylene pipe has structural
qualities quite unlike those of concrete or metal
pipes.

First, polyethylene pipe is flexible. It con-
forms with the soil around it. The density of the
sidefill material is important. Under load, the
deflection of the pipe equals the vertical compres-—
sive strain of the sidefill material. If the side-
fill material is compacted to a high density at time
of installation, any increased strain due to the
applied load is minimal. So also is the pipe de-
flection. Note the results for 95 percent soil
density at high pressures in Figure 1l: At 12 000
psf the deflection was less than 4 percent.

Second, polyethylene does not have a definite
yield point as do metals. For metal pipes, once the
yield point is reached, permanent set occurs with
wall crushing and/or buckling. As demonstrated in
the high-pressure tests on polyethylene pipes, there
was no wall crushing or buckling. At these ex-
tremely high pressures, the failure mode was pipe
deflection, which was equal to vertical strain or
settlement in the sidefill soil.

The constraining influence of the sidefill mate-
rial on pipe performance is illustrated by field
deflection measurements after skimming down to =zero
cover and application of a 16-kip wheel load. The
deflections at zero cover, for the 24-in pipe at
sidefill densities of 75, 90.8, and 95.8 percent,
were 7.2, 4.2, and 3.3 percent, respectively. For
the 15-in pipe at a sidefill density of 85.7 per-
cent, deflection was 13.3 percent. For the 18-in
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pipe at a sidefill density of 85.2 percent, deflec-
tion was 12.5 percent. Rcmoval of the top cover did
not substantially affect the pipe deflection. The
sidefill material at the installed density still
performed in restraining the pipe and in supporting
the applied load.

Design Considerations

For a non-specification-type application, such as
driveway culverts or other entrance crossings, a
usual practice is to push the native soil backfill
into place and give little attention to sidefill
compaction. For 1loosely applied backfill in most
soils, densities will be no more than about 75 per-
cent. It has been demonstrated that with a little
care the sidefill density can be increased to around
80 percent by simply "walking in" the sidefill mate-
rial in 6~ to 8-in lifts.

For specification-type installation, the 95 per-
cent confidence values given in Tables 3 and 4
should provide a basis for design with adequate
safety factor. The pipe deflection can be held
within an allowable limit by adjusting the height of
the cover and/or sidefill density.

Corrugated polyethylene pipe is manufactured with
corrugations deep enough to hold its circular cross
section during installation. After experience with
many installations, the manufacturers have developed
pipe stiffness comparable to that of functionally
equivalent corrugated steel pipes.

Creep is the relaxation of stress with time. This
is a favorable property in that any stress concen-
trations during installation tend to relax. The slip
of riveted seams in metals accomplishes a similar
favorable relaxation. Under constant stress, poly-
ethylene vylelds. If some long-term surface load
follows the pipe down, or if the soil envelope is
fluid, then the allowable stress must be based on
the 50-year-service-life strength of the yielding
polyethylene.

Of course, polyethylene cannot resist high bear-
ing stresses resulting from large rocks lodged
against it.
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Computer Modeling of the Cross Canyon Culvert

LAWRENCE C. RUDE

The CANDE finite element computer program was used to determine the
effectiveness of three different soil models in predicting the behavior of an
underdesigned reinforced concrete culvert installed under a deep fill. The
analysis consisted of comparing the predicted behavior with the actual be-
havior of a dummy culvert installed at Cross Canyon, California, by using
several different types of soil models. The actual behavior was obtained

from information published by the California Department of Transportation.
Comparisons included prefailure and postfailure behavior of the pipe culvert.
An overburden-dependent soils model most accurately predicted the behavior
of the culvert.

The California Department of Transportation (Cal-
trans) has conducted many research projects involv-
ing monitoring of culverts installed in deep embank-
ments. In one of these projects a dummy reinforced
concrete culvert was placed in the same embankment
at Cross Canyon, California (1, Section I, Volumes 1
and 2; Section III; Section IV, Volume 1l; and Sec-
tion V, Volumes 7 and 9), with a functioning,
243.8-cm (96-in) diameter, prestressed concrete cul-
vert. The dummy culvert had a 213.3-cm (84-in) in-
side diameter and was grossly underdesigned for the
55-m (180-ft) overfill. Backfill parameters and
pipe strength were varied in ten different zones
throughout the dummy pipe test section. Dummy sec-
tions were installed 3 m (10 ft) above and to the
gside of the functioning culvert. The reinforced
concrete pipe was instrumented with displacement
measuring devices, strain gauges, and soil stress-
meters. This paper reports comparisons of finite
element analyses performed by using the CANDE com-
puter program (2) and the published behavior of one
instrumented section (zone 6).

FIELD INSTALLATION

The dummy reinforced concrete had a wall thickness
of 20.3 cm (8 in). The area of reinforcing steel
was 275 cm?/m (1.30 in?/ft) for the inner cage
and 184 om?/m (0.87 in?/ft) for the outer cage.
The culvert had a D-load rating of 2500 D. The load
rating 1s the load in pounds per unit length of pipe
divided by the internal diameter in feet that de-
velops a 0.254-mm (0.01-in) wide crack 30.5 cm (12

in) long when force is applied by using a standard
three edge bearing test. Development of the
0.254-mm crack is the accepted strength criterion.
Based on the traditional Spangler design procedure
(3), this pipe could be safely installed in a trench
situation under overfills of 6-9 m (19-29 ft), de-
pending on bedding conditions.

At zone 6, the reinforced concrete pipe was
placed in a shallow trench made in previously placed
fill material. Well-compacted structure backfill
was installed adjacent to the pipe to provide in-
creased lateral support. A layer of fine aggregate
was placed beneath the pipe. Figure 1 shows bedding
and backfill conditions for zone 6.

The structure backfill consisted of a well-graded
gravelly sand with approximately 22 percent of mate-
rial by weight finer than 0,074 mm (0.003 in). The
largest particles were less than approximately 50.8
mm (2 in) in diameter. The wet unit weight of the
structure backfill was 2113 kg/m*® (131 pcf).

Only one gradation curve was available for em-
bankment material; this curve shows that the mate-
rial was a well-graded, gravelly, silty sand. The
largest particle size was 64 mm (2.5 in), and 22
percent passed the 0.074-mm sieve. Liquid limit was
23, and unit welght was 2169 kg/m*® (134.5 pcf).

Results of laboratory triaxial tests on embank-
ment and structure backfill materials were also pub-
lished. Parameters have been derived for implemen-
tation of the Kondner-Duncan soil model in finite
element computer codes. This model is the result of
work by Kondner (4), Duncan and Chang (5), and
Kulhawy, Duncan, and Seed (6). A cursory review of
triaxial test data and a statistical analysis of the
Kondner-Duncan model parameters indicated that, due
to the number of samples and the standard deviation
of the results, there was no significant statistical
difference between embankment and structure backfill
materials.

INSTRUMENTATION

Dummy test sections were instrumented to determine
soil pressures acting on the external surface of the

Figure 1. Bedding and backfill conditions.
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pipe, strains in the pipe wall, and displacements of
the internal wall surface. Vertical settlements and
soil stresses in the embankment were not obtained at
zone 6.

Strain readings were taken for concrete and rein-
forcing steel. Weldable SR~4 gauges were placed on
the inner and outer surfaces of inner and outer
reinforcing bar cages. Concrete strain meters were
placed at the midplane of the wall. Typically,
eight points at 45° intervals around a section were
instrumented with strain gauges.

Carlson and Cambridge contact stressmeters were
installed at the outer surface of the concrete
pipe. The Carlson meters provided normal pressures
and the Cambridge meters normal and tangential
pressures.

For measurement of interior wall displacements,
steel balls were fastened at eight equally spaced
points about the perimeter. An extensometer was
used to determine 14 chord measurements, from which
horizontal and vertical displacements could be cal-
culated.

COMPUTER PROGRAM

The CANDE finite element computer program was used
to perform all calculations described in this
paper. CANDE is a FORTRAN program specifically made
for the analysis and design of buried culverts. The
program operates on three levels: (a) a modified
elasticity solution developed by Burns and Richards
(7), (b) a finite element procedure with automatic
mesh generation, and (c) a finite element procedure
in which the mesh is as defined by the user. The
program has an executive routine that provides for
the selection of common types of pipe culverts and
five soil models. The common pipe types include
steel, aluminum, concrete, plastic, and nonstan-
dard. The soils models are linear elastic, ortho-
tropic linear elastic, overburden dependent, ex-
tended Hardin, and an extended Hardin model for use
with triaxial soil test data.

In this project, only the concrete pipe routine
was used. The dummy pipe was assumed to have the
nonlinear stress-strain relation shown in Figure 2.
Cracking is handled by allowing only a small tensile
strain (e¢), usually taken as zero. For com-
pressive loading, a trilinear curve is used. €
represents the str?in at the elastic 1limit (1/2
£c/E3), where £, is the unconfined com-
pressive strength in pounds per sguare inch and Eq
is the linear Young's modulus as defined by E; =
33 x §}5 Egr where Sy is unit
weight in pounds per cubic foot. €c [represents
the concrete strain at the ultimate strength, usu-
ally 0.002, and ¢ is the strain at crushing.

The concrete pipe was modeled in the finite ele-
ment computer program by beam-column elements. To
account for tension cracking and crushing of the

Figure 2. Stress and strain
curve for concrete.
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concrete and yielding of the reinforcing steel, sec-
tional properties of the beam column (area, centroid
location, and moment of inertia) were changed to
satisfy equilibrium and compatibility with the as-
sumed stress-strain law for the concrete. Tradi-
tional assumptions of concrete analyses were main-
tained: (a) Circumferential strains varied in a
linear fashion through the pipe wall section, (b)
shear deformation was not included, and (c) longi-
tudinal stresses and strains were neglected.

The soil was modeled by using plane-strain quad-
rilateral and triangular elements. The quadrilat-
eral element, a nonconforming element developed by
Hermann (8), was two triangular elements, each a
quadratic interpolation function. The quadrilateral
element has four nodes with a vertical and hori-
zontal degree of freedom at each node and is
generated from the triangular elements by applying
constraints to ensure compatibility and static con-
densation procedures.

Several types of soil models were used during the
course of the project: (a) 1linear elastic, (b)
overburden dependent, and (c) extended Hardin. 1In
the linear elastic model, the matrix [C] is constant
and is completely defined by two parameters:
Young's modulus (E) and Poisson's ratio (v). The
[C] matrix relates stress to strain, where Cj,,
Ci2, C2i1» C22, and C33 are material con-
stants defined below for plane strain conditions:

Ox Cit C12 0 &
oy =1C C2 0 g
T 0 0 Ci37 1)
where
oy = vertical stress,

oy horizontal stress,

1 = shearing stress,

€x vertical strain,

ey horizontal strain, and

y = shearing strain.
Cir=Coa = [E(-»]/[A+») (1 -20)] @
Car = BV/[(1 +9) (1 -2)] =Cy @)
Cs3 = E/[2(1 +v)] @

In the overburden-dependent model, the nonlinear
behavior of soil is characterized by secant values
of the soil stiffness modulus that vary as a func-
tion of overburden pressure. The two parameters
needed to characterize the soil are the secant con-
strained modulus (Mg) and the coefficient of hori-
zontal earth pressure (K,). In confined compres-
sion conditions, lateral deformations are prevented
and Ky = v/(1 - v). Poisson's ratio (v) is
generally constant under this type of loading condi-
tion. The coefficients of the plane strain consti-
tutive matrix are Cll = C22 = MS' Clz =
Czl = MSKO’ and C33 = MS(]‘ - Ko)/2. The
secant confined modulus is related to secant Young's
modulus (Eg) by

fa-wa+» -2} B =M ©)

Reasonable estimates of Eg as a function of
overburden pressure are available from the CANDE en-
gineering manual and from Duncan (9). Values from
the CANDE manual are presented below for structure
backfill (granular soil with good compaction) and
embankment material (mixed soil with good compac-
tion) (1 psi = 6.89 kPa):
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Eg (psi)

Overburden StLructure Embankment

Pressure (psi) Backfill Material
1130 600

10 1300 850

I5 1500 1000

20 1650 1100

25 1800 1200

30 1900 1250

40 2100 1350

50 2250 1450

Poisson's ratio (v) for the CANDE values is 0.3-
0.35 for structure backfill and 0.35-0.40 for em—
bankment material.

Values of Eg recommended by Duncan (9) for a
compacted SW soil are as follows:

Overburden
Pressure Eg
(psi) (psi)
5 833
10 1040
20 1260
30 1440
40 1570

Duncan's values are approximate averages of the val-
ues suggested by the CANDE manual. Chang, Espinoza,
and Selig (10) have suggested revisions of values
provided in the CANDE manual. Only the suggested
values of Eg and v given in the two tables above
were used during this project.

The third type of soil model used in this study
was the extended Hardin model. ''he model originally
developed by Hardin (1ll) relates shear stress (r)
to shear strain (y) by a secant shearing modulus
(Gg) » where T = Ggy. The secant shearing
modulus (Gg) is expressed in hyperbolic form as
Gg = Gpax/ (1 + yp) o where Yh is the hy-
perbolic shear strain. The advantage of the origi-
nal model was that the coefficients (given below)
were related to fundamental soil parameters (plas-
ticity index, degree of saturation, void ratio, and
soil type). The general relations of Hardin's work
are as follows:

Gmax = Sl VOm (6)
M =7l {1+ [afexply/v)° 41} (72)
% = Gmax/C1 (7b)
where
vy = shear strain;
op = Spherical stress = (037 + 033 + 033)/3;
yr = reference strain;

S; = soil parameter related to void ratio = 1230F;
= soil parameter related to soil type and de-
gree of saturation = 3.2 for granular soil,
2.54(1 + 0.028) for mixed soil, and 1.12(1
+ 0.028) for cohesive soil;
cj = soil parameter related to void ratio, plas-
ticity index, and degree of saturation =
(F2R?) /(0.6 - 0.25(P1)0-6];

F= (2.973 - e)/(1 + e);

R = 1100 for granular soil and 1100 - 6S for
mixed or cohesive soil;

e = void ratio;

S = degree of saturation (0 <5< 100); and

PI = plasticity index (0 < PI < 1.0).

Hardin's law was extended in the CANDE engineer-
ing manual by adding a functional relation for Pois-

L1l

son's ratio. As in Hardin's work, a hyperbolic
rclation was developed for a secant Poisson's ratio
(vg):

Vsz(Vmin +7pvmax)/(l +7p) (83)
Yo =9V (8b)
where

Vmin = Minimum Poisson's ratio at zecro shear
strain,
Vpax = Poisson's ratio at failure, and
= dimensionless parameter for curve shape.

The CANDE program can be used with recommended val-
ues for soil parameters, or the user may define them
from triaxial tests.

ANALYSIS

The computer analysis of zone 6 of the Cross Canyon
culvert was done in two phases. 1In the first phase,
Lee (12) modeled the dummy pipe in the conventional
fashion by assuming vertical symmetry and only rep-
resented the culvert as a series of semicircular
connected beam elements. Quadrilateral elements,
representing the soil, extended above, below, and to
the right of the culvert. In the second analysis
phase, the entire cross section of the canyon, in-
cluding the 243.8-cm (96-in) functioning culvert,
was included. This grid is shown in Figure 3.

Lee compared results of calculations by using the
CANDE program with the measured performance of zone
6. He obtained the most appropriate overburden soil
modulus by a trial-and-error procedure until he re-
duced the difference between the measured and com-
puted performance of the culvert. Lee's recommended
values for structure backfill and embankment are
given below (1 psi = 6.89 kPa):

Eg (psi)
Overburden Structure Embankment
Pressure (psi) Backfill Material
5 6900 5100
10 7500 5500
15 7900 5900
20 8400 6200
25 8700 6500
30 9000 6800
40 9500 7200
50 9960 7600

Poisson's ratio (v) for Lee's values is 0.20 for
structure backfill and 0.24 for embankment material.

Lee's values are much stiffer than those recom-
mended by Duncan or the CANDE manual. Lee felt he
must follow Chang's lead and develop a new over-
burden model because the existing recommended values
produced poor comparisons between calculated and
measured performance of the culvert. He also de-
rived an overburden-dependent model from the pub-
lished triaxial soil test data, but again calculated
performance did not agree with measured perfor-
mance. Lee came to these conclusions by using a
conventional symmetrical finite element grid that
modeled only culvert and soil and not a grid that
incorporated the entire canyon cross section.

In the second phase of the analysis, the grid
shown in Figure 3 was used. Beam elements were used
to represent the 213.4-cm (84-in) dummy concrete
culvert. Two layers of quadrilateral elements were
used to represent the 243.8-cm (96-in) functioning
prestressed culvert. The soil was represented by
triangular and quadrilateral elements. The grid
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Figure 3. Finite element grid.
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extended to an elevation of 5.5 m (18 ft) above the
top of the dummy culvert. Fill placed above this
elevation was represented by a surcharge pressure
applied to the top of the mesh.

Based on published soil test data, there was no
statistically significant difference between struc-
ture backfill and embankment material. For the pre-
liminary results presented in this paper, the soil
was thus considered to be homogeneous. The concrete
in the 213.4-cm pipe was modeled as a nonlinear ma-
terial. The concrete in the 243.8-cm functioning
culvert was modeled as linearly elastic. As previ-
ously mentioned, the three types of soil models were
linear elastic, overburden dependent, and extended
Hardin.

For the linear elastic model, a value of 96.46
MPa (14 000 psi) was selected as an average value
for Young's modulus for the fill. This was the ini-
tial tangent Young's modulus determined from a tri-
axial compression test when the overburden pressure
was one-half the final overfill. A Poisson's ratio
of 0.20 was used.

Two overburden-dependent models used average val-
ues of Lee's results and overburden pressures sug-
gested by Duncan (Duncan's values of Young's modulus
for a well-graded sand compacted to 95 percent of
its maximum dry density were given previously). A
Poisson's ratio of 0.2 was used. The comparison of
the two overburden-dependent models also provided a
method of checking Lee's suggested values.

The following table defines the input parameters
for the extended Hardin soils model:

Parameter Value
Soil type Mixed
Minimum void ratio 0.1
Maximum void ratio 0.49
Poisson parameter g 0.260
Degree of saturation 0.46
Plasticity index 0.020
Density (lb/ft?) 131

BEHAVIOR OF DUMMY CULVERT

Vertical and horizontal diameter changes of the
213.4-mm (84-in) reinforced concrete pipe installed
at zone 6 at Cross Canyon are shown in Figure 4.
The changes in vertical diameter increase in a lin-
ear fashion up to an overfill of 30.5 m (100 ft).
For overfills greater than 30.5 m (100 ft), the ver-
tical diameter changes in a nonlinear fashion. The
change in horizontal diameter varies essentially in
a linear fashion with increasing £ill height.

Development of a 0.25-mm (0.01-in) crack 30.5 cm
(12 in) long has long been an industrial strength
criterion. Such a crack was not recorded until the
overfill had reached 30.3 m (99.3 ft). Delamination
was observed in different segments at an average
overfill of 27.7 m (91 ft). Delamination, or "bow-
stringing”, occurs when reinforcing steel with a
minimal amount of embedment and subjected to tensile
stresses on the concave section of the pipe
straightens and forces the inner surface concrete to
separate from the central concrete core. The yield
strength of the reinforcing steel was reached at
approximately 19.5 m (64 f£ft). The break of the
slope of the vertical diameter change in Figure 4
was most likely due to delamination. A similar dis-
continuity, though less pronounced, is visible in
the horizontal diameter change curve. The pipe was
considered to have reached failure at an overfill of
30.3 m (99.3 ft).

Shown in Fiqgure 4 are vertical diameter changes
computed by using the three types of soil models.
Only two data points were plotted for each soil
model, one at 29.6 m (97 ft) and the other at 54.6 m
(179 ft). At the 29.6-m overfill, the linear elas-
tic model and overburden-dependent model, based on
Duncan's recommended values, produce reasonable es-
timates of deflection. At an overfill of 54.6 m
(179 f£ft), the Duncan overburden-dependent model
overestimated the vertical diameter by 19.6 per-
cent. The other two soil models grossly underesti-
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Figure 4. Diameter changes with fill 1.2
helght.
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mated the vertical diameter changes. The errors for
the linear elastic model and for Lee's overburden
model at an overfill of 54.5 m (178 ft) for the ver-
tical diameter change were 66 and 57 percent, re-
spectively. The extended Hardin model predicted
only negligible diameter changes.

In summary, results were obtained by using only
one construction increment. An appropriate pressure
was applied to the top of the finite element grid to
represent different overfills. The computer program
did not take into account reinforcing steel move-
ments due to delamination. Duncan's recommended
values produced reasonable comparisons in the second
phase of the analysis, when the boundary conditions
included the canyon walls and the presence of the
functioning culvert. The 1lack of these boundary
conditions was most likely the reason for the unsat-
isfactory results achieved by using recommended
overburden-dependent moduli in the first phase of
the analysis. Hence, accurately representing boun-
dary conditions is important in backfiguring or im-
proving soil modulus values.

Duncan's overburden model was used to compare
measured culvert behavior with observed behavior
when the pipe was well within its allowable over-
fill. Deflections, bending moments, and external
normal pressures were compared for an overfill of
12.5 m (41 ft). Computed vertical and horizontal
diameter changes were -3.8 mm (-0.149 in) and 3.2 mm
(0.126 in), respectively. Actual diameter changes
were -3.86 mm (-0.152 in) and 3.68 mm (0.145 in).
Average percentage error between the measured re-
sults and the calculated results was 14 percent.

Figure 5 shows computed and actual bending
moments around the pipe culvert. Actual bending
moments were computed from strain readings. As the

figure shows, computed and actual bending moments
compare favorably at the crown and invert but not at
the springing line on the left side of the diagram.
Figure 6 shows a comparison between computed and
measured normal pressures acting on the external
surface of the dummy culvert. Measured normal pres-
sures were determined from Carlson and Cambridge
stressmeters. Field data showed a maximum pressure
at the invert and another maximum pressure at 10
o'clock with respect to the crown. High pressure at
the invert was probably due to the contact stress

Figure 5. Comparison of experi-
mental and computed bending
moments.
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between the pipe and the aggregate bedding. Except
at the invert, the computed normal pressures were
greater than any other measured normal pressures.
Computed pressures do not necessarily produce a con-
servative design since the horizontal pressures pro-
vide a restraint against lateral movement. A de-
crease in lateral pressure would increase lateral
movement and alter the wall bending moments.

My research (13) has shown that finite element
analysis of buried culverts performed by using a
linear elastic soil model is very dependent on the
proper selection of Poisson's ratio for the soil.
To show the effects of Poisson's ratio on Duncan's
model, additional calculations were made for an
overfill of 27 and 54.6 m (90 and 178 ft) for Pois-
son's ratios of 0.1 and 0.3. Vertical and hori-
zontal diameter changes were compared with field
data. The results, summarized below, show that
Poisson's ratio affects diameter changes but does
not produce as great an error as is produced when
another soil model is used (1 ft = 0.3 m):

Error (%)
Vertical Horizontal
Poisson's Diameter Diameter
Overfill (ft) Ratio Change Change
90 0.1 29 0
0.2 -1 17
0.3 15 35
178 0.1 7 -16
0.2 =21 -26
0.3 31 40

CONCLUSIONS

Three different types of soil models were compared
for their effectiveness in predicting the behavior
of an underdesigned reinforced concrete culvert in-
stalled in a deep fill. The extended Hardin model,
a linear elastic model, and two overburden-dependent
models were used. The overburden-dependent model
recommended by Duncan predicted the actual behavior
with the least error. The analysis was performed by
using the CANDE computer program. Only one con-
struction increment was used in conjunction with a
surcharge pressure applied to the top of a rela-
tively shallow finite element grid to simulate addi-
tional overburden. The program reasonably predicted
prefailure and postfailure behavior of the pipe cul-
vert. The need to accurately represent the actual
boundary conditions in backfiguring overburden-
dependent values was also shown.
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