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Characteristics of Base and Subgrade 
Drainage of Pavements 
SHANG J. LIU, JEV K. JEVAPALAN, AND ROBERT L. l VTTON 

Base courses beneath highway and airport pavements that become saturated 
are reduced in modulus and bearing capacity, and pumping may develop at 
pavement joints. Base-course dra inage is often required to preclude this ma
jor cause of pavement deterioration. A number of theoretical models for 
developing design guidelines for drainage requirements of pavements are dis
cussed; the models include the original one by Casagrande and Shannon. 
which assumed a straight·llne phreatic surface and an impermeable subgrade. 
The infl uence of subgrade drainage on drainage tlmo and tho influence of 
the use of the more theoretically correct parabolic phreatic surface, espe
cially in deep base courses or on flat slopes, are found to be substantial. 
New models are developed to include these features and the calculated results 
are, in general, in good agreement with field data observed on full-scale pave
ments. Example calculations are presented to illustrate the effect of sub
grade drainage on the drainage time for base courses. 

A complex interaction among the pavement section, 
traffic, and environmental conditions influences the 
performance of pavements. Some of the most detri
mental interactions occur more rapidly when excess 
water is in the base course. As the water content 
of the base course and subgrade increases, load
bearing capacity and modulus are reduced signifi
cantly, and pumping, stripping, and disintegration 
of stabilized materials increase. Therefore, proper 
drainage of base course and subgrade must be pro
vided (see Figure 1) • The design of highway sub
drainage requires a proper analysis of the drainage 
characteristics of these two layers. 

Base-course drainage has received considerable 
attention during the last 30 years . Casagrande and 
Shannon (1) made field observations on several air
fields in- the United States to determine the envi
ronmental conditions under which base courses may 
become saturated. Most of the observations were 
limited to the two principal causes for the satura
tion of base courses--frost action and infiltration 
through the surface course. Casagrande and Shannon 
(1) made detailed observations of groundwater levels 
i-;;- the subgrade and in the base course beneath both 
concrete and bituminous pavements at six airfields 
in Maine, Wisconsin, Michigan, North Dakota, and 
South Dakota. The discharge through the base-course 
drainage pipes was also monitored at these fields. 
Based on these observations they concluded that, 
during the thawing period, ice segregation in a 
subgrade may cause ·saturation of an overlying, free-

Figure 1. Cross section of pavement. 

draining base. They also concluded that infiltration 
of surface water through pavement cracks, or joints, 
may cause saturation of a free-draining base that 
overlies a relatively impervious subgrade. Other 
causes for the saturation of bases may be inundation 
of the pavement in an area that might be floode.d 
during certain times of the year or where the natu
ral water table may rise above the bottom of the 
base course. 

Casagrande and Shannon <!.> also performed a sim
plified theoretical analysis of the base-course 
drainage. They assumed symmetry along the axis of 
the pavement and developed the equations that govern 
drainage for one-half of the cross section of the 
base-course layer ABCD. Figure 2 s hows the d r ainage 
process div ided i.nto two parts . I n the firs t part 
the fr ee su rface g r adua lly cha nges from position CD 
to CA becaus e of free dra i nag e through t he open edge 
(CD) of t he pavement . Darcy ' s law and the c ontinu ity 
equation wer e satisfied to establish a relation 
a mong time (t) and x(t) in ter ms of a , L , tt , k1 , and 
n1 , a s shown i n Figure 2. ~ n t he second part o f t he 
f i gu re the f ree s u rface rotates from posi t ion CA to 
CB because of the loss of water through the face CD. 
The su bgrade i s assumed t o be imperv ious through the 
entire flow calculation. Casagrande a nd Shannon (1) 
established a relation among t and h (t) in t erms of 
other parameters mentioned previously. 

Fur ther d e t ails a nd drainage equations are pre
sented in t he followi ng sections of this paper. The 
theoretical results were c ompared with fie l d obser
vat ions by Casag r ande and Shannon (1) , a nd the de
viations between t heory a nd fie l d results are pri
mar ily due to the assumpti o ns that t he phreatic 
surfac e i s a straight line a nd t he subgrade i s im
per v i ous . Later Barber and Sawyer (2 ) presente d 
Casagrande . a nd Shannon ' s (1) equa tions - in the fo rm 
of a dimensionless chart i'See Figure 3). Recentl y 
Cede rgren (3) and Moulton (4) have modified t he 
orig inal definition o f the slope f actor (S) a s the 
reciprocal of the one shown in Figure 3 and have 
presented similar drainage charts in their work on 
highway subdrainage design. 

Casagrande and Shannon (!,) noted that as the 
slope of the pavement (tan a) became flatter or 
the depth of the base (H) became greater , predic
tions differed more widely from observa tions. To 
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Figure 2. Casagrande-Shannon model for base-course drainage. 
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account for this difference Casagrande and Shannon 
(,!) introduced a correction factor that depended on 
these variables. Also, in the cases reported in 
this paper, the base course t ook longer to drain 
than the theory p redicted. Beca us e the Casagrande
Shannon theory underpredicts the amount of time that 
a base course is wet, which is not conservative 
e specially in the deeper and fla t t er pavements , a 
better means was needed for anal y:dng t he drainage 
from base courses. 

In o r der to develop better analytic procedures 
for pavement drainage design, a parabolic phreatic 
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surface and a permeable subgrade were used in this 
research study. The details of these improved ana
lytic mode ls, the numerical results fr om these 
models, a nd their applicability to pavement sub
drainage design are discussed in the following sec
tions. 

ANALYSES OF BASE DRAINAGE 

Drainage of a sloping layer of base course involves 
an unsteady flow with a phreatic surface. The as
sumptions of Casagrande and Shannon (1) lead to the 
simple model shown in Figure 2. In this model the 
center line of the base course (AB) and the bottom 
of the base course (BC) are considered to be imper
vious boundaries. Free discharge is assumed along 
the outer edge of the base course (CD). When drain
age begins, the base layer is assumed to be satu
rated, and the face CO is immediately opened for 
fr ee dra inage. In the Casag r ande-Sha nnon model the 
phr eatic surface is assumed to be a straigh t line 
that r o t ates with time , as s hown in F igure 2 . The 
problem was s o l ved in two pa rts a nd t he s olutions 
were presen ted i n the following d imensionless f orm. 
Noted that U i s the degree of d rainage , s is the 
slope factor, and T is the time factor. 

For horizontal bases, 
Staqe 1: 

0 .;; U .;; 50 percent 

and 

T= 2U2 

Stage 2: 

50 percent .;; U < 100 percent 

and 

T = U/(2 - 2U) 

For sloping bases, 
Stage 1: 

(l a) 

(lb) 

(2a) 

(2b) 

Figure 3. Variation of drainage area with slope factor and time factor (after Casagrande and Shannon I. 
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0 .; U .;; 50 percent 

and 

T = 2 us - S2 In ((S + 2U)/S] 

Stage 2: 

50 percent < U < 100 percent 

and 

T = S + S Jn ((2S - 2US + 1)/(2 - 2U)(S + 1 )] 

- S2 In [(S + l)/S] 

where 

U drained area/total area, 
S = H/L tan a, 
T = tk1 H/n1 L

2 , 

H = thickness of base course, 
L =one-half the width of the pavement, 
a slope angle, 
t • time, 

k1 coefficient of permeability of base 
course, and 

n1 =porosity of base course. 

(3a) 

(3b) 

(4a) 

(4b) 

The Casagrande-Shannon model has been used ex
tensively by Barber and Sawyer Cl>, Cedergren Cl> , 
Moulton (4), and Markow (5) in the form of a chart 
shown in Figure 3. Howevei: the theoretical analyses 
reported by Wallace and Leonardi (2_) indicate that 
the phreatic surface assumes a shape closer to a 
parabola than a straight line. Dupuit's assumption, 
as used in related drainage problems by Polubari
nova-Kochina (7), also suggests that a parabolic 
phreatic surface would yield more realistic results 
for drainage calculations. 

To compare the effects of a parabolic phreatic 
surface with those of the straight line assumed by 
Casagrande and Shannon ( 1) an impermeable subgrade 
was assumed and the resulting drainage equations 
were developed. Two separate stages were identified 
(see Figure 4) and the corresponding equations are 
as follows. 

For horizontal bases, 
Stage 1: 

0 .. u .. 1/3 

and 

T= 3U2 

Stage 2: 

1/3 .;; U < I 

and 

T = (8/9) [1/(1 - U)] - 1 

For sloping bases, 
Stage 1: 

0 .. u .. 1/3 

and 

T = (3/2) SU - (3/8) S2 In [(S + 4U)/S] 

Stage 2: 

1/3 .; U < I 

(Sa) 

(Sb) 

(6a) 

(6b) 

(7a) 

(7b) 

(Ba) 

and 

T = (S/2) - (3/8) S2 In [(3S + 4)/3S) + S In [(9S - 9SU 

+ 8)/3(1 - U) (3S + 4)] 

Figure 4. TTI model for base-course drainage with impermeable 
subgrade. 

dx 

STAG£ 1 0 ~ U ~ ~ 

L tan a 

STAGE 2 

3 

(Sb) 

t+dt 

t+dt 

The results of these drainage equations are pre
sented in the form of a dimensionless drainage chart 
in Figure 5. The results from the new model are 
compared with field data reported by Casagrande and 
Shannon (]) on three of their five pavement test 
sections shown in Figures 6 through B. In the Texas 
Trans porta tion Institute (TTI) model, drainage pro
ceeds mor e slowly than in the Casagrande- Shannon 
model but has roughly the same shape. 

The TTI model could be made to better fit the 
field data if drainage were allowed to infiltrate a 
permeable subgrade, thus increasing the initial 
degree of drainage and shortening the drainage time. 

ANALYSES OF BASE AND SUBGRADE DRAINAGE 

Two models were developed to study the influence of 
subgrade drainage on base-course drainage. In these 
models the phreatic surfaces in the base course were 
assumed to be linear and parabolic. The two distinct 
stages of drainage in the first permeable subgrade 
model are shown in Figure 9. In this model the 
properties of the subgrade are defined by the coef
ficient of per meabilit.y Ck 2l and porosi ty (n2). An 
advancing wett i ng fron t (FG) was assumed at an un
known depth of y0 (t) (see Figure 10). The drainage 
problem, similar to that of the Casagrande-Shannon 
model, begins with a saturated base-subgrade com
pos i t e sys t em a nd t he faces EC and DC a re opened 
immed iately to a llow f re e drainage. 'l'o keep t he 
model s impl e a one -dimens i onal flow into t he s ub
grade is assumed <1>· Based on this formulation the 
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velocity of drainage (v) into the subgrade is given 
by 

v = [y0 (t) + h(t) - HJ/ (!h (t)/kiJ - { [y0 (t) - H]/k2}) (9) 

where 

• depth of water in the base course, 
.. penetration of water into the subgrade, 
• coefficient of permeability and po

rosity of the base course, and 
• coefficient of permeability and po

rosity of the subgrade. 

fi!PJre 5. TTI drainage chart with impermeable subgrade. 
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The modified differential equations for this 
model do not yield a set of dimensionless variables 
that permit the preparation of dimensionless drain
age charts. Furthermore, the governing equations 
are too complex to generate any closed-form solu
tions. A numerical integration scheme was used to 
solve these governing equations, and the results of 
four of the five test sections are shown in Figures 
11 through 14. In these plots the results from the 
permeable subgrade using the linear phreatic surface 
model are shown with the field data reported by 
Casagrande and Shannon (1). 

In Figure 11 the field data are enveloped between 
the curves for the impermeable subgrade and the 
subgrade with a permeability that is 10 ti .. s 

100L------.L.--~~~~h-=::~....::::~::::::.....:::::t:::.--.=:::====' 
10-2 

T - 7»1E F1tCroR 

Fi!PJre 6. Comparison of results for impermeable subgrade: n, • 0.07. 
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Figure 7. Comparison of results for impermeable subgrade: n, = 0.43. 

7.0 0\51\GIWlllMillll~IQI 

40 

60 

KDEL 

FIE!D DP.TA FR:M 
CASAGRANDE & SllANlm 

5 

I 

0 { 

11 = 0.46 m 

r tana= 0.015 

f[S:K,";,TT:ill;--~~~,*:.._-:J~ 
80 

T I ~ .. ',~. ::.: · I 
"1 = 0.43 iool-__________ .:._ __ ...L ______________ __JL...,_ ______________ ...L__::::..,;~;;;==~---J 

100 101 

TillE (MINUl'ES) 

Figure 8. Comparison of results for impermeable subgrade: n, = 0.04. 
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smaller than that of the base course . In Figure 12 
both the initial and long-term drainage occur more 
quickly than predicted by the Casagrande-Shannon 
model. Figures 11 and 12 indicate the need for 
including subgrade drainage in a drainage model. In 
Figures 13 and 14 drainage under field conditions 
takes longer than predicted by the Casagrande-Shan
non model that assumes an impervious subgrade. These 
two figures indicate the need for a base-course 
drainage analysis that can account for longer drain
age periods. These two requirements , taken together, 
suggest that the parabolic phreatic surface model 
with a permeable subgrade may be capabJ.e of more 

Til·lE (D.>.YS) 

realistic predictions. The model includes the same 
two stages that were identified in Figure 4 and 
illustrated in Figure 15. 

Three of the five field cases were studied using 
this model, and the results for two of the field 
cases are shown in Figures 16 and 17, which corre
spond to Figures 13 and 11. Note that in Figure 16 
the field curve follows a trend s imilar to that of 
the two drainage curves (k 2/k1 z K•O and 0.0002) 
given by the current model and lies between the two 
theoretical curves. In this case the permeable 
subgrade model with a parabolic phreat ic surface 
yields results that compare well with field data. 
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Figure 9. Permeable subgrade with Casagrande-Shannon 
drainage model. 
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t+dt 

l -<dt 
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Figure 10. Definition sketch for subgrade drainage model. 
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Figure 11. Results of Casagrande-Shannon model with permeable subgrades: test section 1. 
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Figure 12. Results of Casagrande-Shannon model with permeable subgrades: test section 2. 
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Figure 13. Results of Casagrande-Shannon model with permeable subgrades: test section 3. 
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Figure 17 shows the parabolic model with a permeable 
subgrade (K = 0.0001) to be in closer agreement with 
the field data than is the Casagrande-Shannon model. 

As a result of these studies and others not re
ported here, the parabolic phreatic surface model 
with permeable subgrades is recommended for future 
drainage analyses. 

APPLICATION TO PAVEMENT DRAINAGE DESIGN 

As an illustration of the importance of subgrade 
drainage, consider a base course 0.8-m (2.5-ft) 
thick and 46-m ( 150-ft) wide with 1 -percent cross 

L = 23 m 

H • o.s "' 

TlllE (l!HIUTES) 

kl= 9.6 m/min 

"1= 0.43 

K 

slope. The base course has its smallest particles 
in the medium sand range and has a coefficient of 
permeability, k 1 o 2.4 m/day (7.8 ft/day), and a 
porosity, n1 = 0.04. The drainage time for 60 
percent drainage of a number of s ubgrade materials 
can be determined as follows (see Figure 18 for 
various values of subqrade permeability): 

For subgrade material that is a plastic clay, 

k2 ~ 0.0024 m/day (0.0078 ft/day), 
K • k2/k1, 

0.001, and 
t 5 days. 
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Figure 14. Results of Casagrande-Shannon model with permeable subgrades: test section 4. 
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Figure 15. Subgrade drainage model with parabolic phreatic surfaces. 
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Figure 17. Results of TTI model with permeable subgrades: case 2. 

20 

K = 0 . 0001 .. 
40 FI ELD DATA FROM 

CASAGRANDE & SHANNON 
..... 
0 

60 

80 

Figure 18. Drainage curves for TTI model with permeable subgrades. 
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For subqrade material that is a glacial till, 

k2 0.0048 m/day (0.0156 ft/day), 
K = 0.002, and 
t 2.5 days. 

For subqrade material that is a silty sand, 

k2 0.24 m/day (0 . 78 ft/day), 
K 0.1, and 
t 84 min. 

L = 23 rn kl = 7.8 m/min 

H = 0.15 m n
1 

= 0 . 4 

ta n a = 0.015 
k2 

K = -
kl 

TIME (11ltWTES) 

L = 23 'Tl kl 2.4 m/day 

1 !1 = 0.8 r.l "1 0.04 

k2 
K • fl T 
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uses the data shown in Figure 18, is used here to 
illustrate the usefulness of the new TTI base-sub
grade d ra i nage model . More ge.ne ral pavement drainage 
design calculations can be perfo r med by using the 
computer program TTIDRAIN, which was used to make 
the calculations reported in this paper. 

CONCLUSIONS 

These calculations show that subqrade permeabil
ity will significantly influence pavement drainage 
and subdrainage design. A specific example, which 

Saturated base courses beneath highway and airport 
pavements are reduced in modulus and bearing capac
ity, and pumping may develop at pavement joints. 
Base-course drainage is often required to avoid this 
major cause of pavement deterioration. A number of 
theoretical drainage models have been discussed 
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including the original one by Casagrande and Shannon 
(1), which assumed a straight-line phreatic surface 
and an impermeable subgrade. The influence of sub
grade drainage on drainage time and the influence of 
the use of the more theoretically correct parabolic 
phreatic surface, especiall y in deep base courses or 
on flat slopes, were found to be t<ubstantial. New 
models were developed to include these features, and 
the calculated results are generally in good agree
ment with field data from full-scale pavements. The 
new models are recommended for future subdrainage 
calculations. 
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Investigation of Moisture-Induced Variation in 
Subgrade Modulus by Cross-Correlation Method 

S.S. BANDYOPAOHYAY AND J.A. FRANTZEN 

ThD change In moisture content of Jubgrado 1olls and its resultant effects on 
structural pavement performance are of Interest to many highway engineers. 
One of tho primary sourcos of moisture in tho subgrade Is water from pre· 
cipitation. The purpose of this research was to ox.amine the feasibility of 
statistically relating tho variation in subgrade modulus with the oorrosponding. 
time history of precipitation. Two locations on KS-4 in northeast Kansas 
were monitored from March through November. Dynamic pavement surface 
deflections wore obtained each week by Dynallcct, ond lime histories of sub
gradc modull were constructed ftom normalized Dynaflect. deflection param
eters. A corrospondlng timo history of precipitation at tho locations was ob
tained from the local U.S. Weather Bureau nation. A crou·correlatlon study 
by computer of the two time series revealed e statistically significant correla· 
tlon between precipitation history and variation in subgradc modulus. The 
tlmo required for the subgrade to reach its woakest stato after a rainfall 
was found to be rather long-up to 3 weeks might be roquirod. The interrela· 
tionship of other factors, such as runoff characteristics and tempeiature, that 
might influence this time delay, was not considered in this study. 

The effect of moisture on subgrade strength is an 
important factor in the evaluation of highway pave
ment performance and for highway design problems. 
Variations in su.bgrade moisture, with corresponding 
changes in volume and strength characteristics of 
subgrade soils, may cause severe damage to pavement. 
The reduction in subgrade strength caused by an 
i nflux of moisture with the consequent increase in 

pavement deflection and decrease in bearing capacity 
is well documented in the literature (1-6). At
tempts to develop mathematical models to iredict the 
variation in pavement deflections with changes in 
subgrade moisture have also been made (7,8). 

Soil moisture migrates as a result -of any force 
that disturbs equilibrium of the soil-water system. 
Several different viewpoints have been expressed in 
the literature concerning forces that cause moisture 
to migrate. A few of the most widely discussed 
hypotheses are hydrostatic pressure, capillary pres
sure, disjoining pressure of aqueous films (often 
referred to as osmotic pressure), chemical poten
tials, and temperature gradients. Moisture may 
migrate through soil in the liquid phase, vapor 
phase, or in a combination of the two, depending on 
the forces that cause pore-water movement. 

Sources of free water must be present for mois
ture· migration to occur in subgrades. The primary 
source of moisture in the subgrade is undoubtedly 
precipitation, which can reach the subgrade in sev
eral ways--seepage of the water into t.he subgrade 
from higher ground, percolation of the water through 
the pavement surface, and mi.gration of the water 
from shoulder slopes or verges. 

Most of the published material is concerned with 
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loss of the load-carrying capacity of highways dur
ing the spring thaw period. The direct effect of 
rainfall on subgrade strength has received only 
minor consideration. Although variations in subgrade 
moisture are affected considerably by precipitation 
(4,5,9,10), no direct correlation has been developed 
because""""Of the complexity of the problem. The pri
mary objective of this study was to examine the 
feasibility of relating the variation in subgrade 
modulus statistically with the corresponding time 
history of precipitation. A secondary objective was 
to demonstrate the use of the cross-correlation 
method in geotechnical investigations. 

PROJECT HISTORY 

Two locations, about 1 mile apart, were selected on 
KS-4 in Jefferson County, northeast Kansas. The 
asphalt-concrete pavement was built in 1978 on a 
glacial till subgrade of the Kansas stagei the high
way traverses a region of rolling hills. The A-hori
zon soils have a plasticity index of about 18 and a 
standard Proctor density of 100 lb/ft'. The plas
ticity index of B-horizon soils ranges from 17 to 30 
and the standard Proctor density from 96 to 103 
lb/ft'. The ranges of plasticity index and stan
dard Proctor density for C-hor izon soils are 18 to 
39 and 98 to 111 lb/ft', respectively. Some of 
the B-horizon and C-horizon soils are moderately 
expansive in nature. The top 6 in. of the subgrade 
was lime-treated with 6 percent (by weight) lime. 
The asphalt-concrete pavement structure consists of 
a 4-in. surface course and a 7.5-in. base course at 
location 1, and a 2-in. surface course and a 7.5-in. 
base course at location 2. The pavement was virtu
ally free of cracks during the period of observation. 

EQUIPMENT AND DATA COLLECTION 

Pavement surface deflections were monitored weekly 
by Dynaflect at both locations for 9 months, March 
through November. The Dynaflect is an electrome
chanical system for measuring the dynamic deflection 
of a surface or structure caused by an oscillatory 
load. Measurements are independent of a fixed sur
face reference. 

The Dynaflect system consists of a dynamic force 
generator mounted on a small two-wheel trailer, a 
control unit, a sensor assembly, and a sensor cali
bration unit. The cyclic force generator uses a 
pair of unbalanced fly wheels that rotate in oppo
site directions at a speed of 480 rpm, or 8 cycles 
per second. The vertical component of the accelera
tion of the unbalanced mass produces the cyclic 
force that is applied to the ground through a pair 
of rigid wheels. The amount of fly wheel unbalance 
is chosen precisely to produce a 1,000-lb peak-to
peak variation of force during each rotation of the 
fly wheels at the proper speed. Considering the 
dead weight of the trailer, the resulting sinusoidal 
load ranges between 2, 500 and 1, 500 lb at 8 cycles 
per second. 

Deflections are measured while the trailer is 
halted for a brief time at the desired location. 
The displacement measurements are performed by using 
motion sensors located midway between the two load
ing wheels and spaced in the longitudinal direction 
at 1.0-ft intervals. There are five such sensors 
with an ex tr a one that can be used anywhere on the 
pavement, if desired, within 20 ft of the loading 
wheels. The sensor array and the deflection basin 
parameters associated with the Dynaflect measure
ments are shown in Figure 1. The five parameters 
associated with each Dynaflect measurement are de
scribed as follows (11-16): 

11 

1. Dynaflect maximum deflection (DMD), or the 
first sensor deflection, is a measure of the pave
ment structural character is tics and support condi
tionsi 

2. Surface curvature index (SCI), or the numer
ical difference of the first and second sensor de
flections, is predominantly an indicator of the 
structural condition of the surface layeri 

3. Base curvature index (BCI), or the numerical 
difference of the fourth and fifth sensor deflec
tions, measures the base support conditionsi 

4. Spreadability (SP), or the average deflec
tion as a percentage of maximum deflection, measures 
the load-carrying capacity and stiffness ratio of 
the pavement structurei and 

5. Fifth sensor deflection (W 5) is an indirect 
measure of subgrade modulus. 

The five parameters, considered either individu
ally or jointly, can provide an estimate of the 
structural characteristics of the measured pavement 
structure (11-16). Because deflection parameters 
are functions of pavement temperature, adjustment 
factors are needed to normalize measured deflections 
with respect to a base temperature (11). Temperature 
adjustment factors for Dynaflect parameters have 
recently been developed for Kansas road conditions 
(12) and are shown in Figures 2-4. No adjustment 
factors are found necessary for BCI and w5 ( 12) • 
A summary of deflection parameters obtained at the 
site and normalized with respect to temperature is 
given in Table 1. The adequacy of the sample size 
of Dynaflect deflection measurements was checked in 
the field by using the nomograph shown in Figure 5. 
This nomograph is based on appropriate statistical 
procedures described elsewhere (17-19). The pavement 
and the subgrade moduli may be estimated from values 
of DMD and SP (~). By using the normalized values 
of DMD and SP, weekly subgrade modulus values at 
locations 1 and 2 were determined and are shown in 
Figure 6. Daily precipitation data at the location 
were acquired from a U.S. Weather Bureau station 
located within 2 miles of the site. The precipita-

Figure 1. Dynaflect sensor array and deflection parameters. 
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Figure 2. Temperature adjustment factors for DMD (Q). 
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Figure 3. Temperature adjustment factors for SCI (Q). 
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Oynilflect Defl ection Parameters 

Date 

March 6 
March 14 
March 20 
March 27 
April 3 
April 10 
April 17 
April 24 
May 8 
May 15 
May 23 
May 30 
June 5 
July 3 
July 18 
July 25 
Aug. 15 
Aug. 28 
Sept. 11 
Sept. 19 
Sept. 26 
Oct. 3 
Oct. 16 
Oct. 31 
Nov. 13 
Nov. 26 

DMD(in. x 10-3) 

Location 
#1 #2 

0.57 
0.64 
0. 64 
0.58 
0.55 
0. 50 
0.62 
0.62 
0. 62 
0. 62 
0. 56 
0.68 
0.63 
0. 59 
0. 69 
o. 70 
0.61 
0.62 
0.55 
o. 59 
0. 57 
0.61 
0.65 
0. 51 
0.61 
0.55 

0.70 
0.69 
0.72 
0.58 
0.62 
0.56 
0.64 
0.59 
0.66 
0.63 
0.55 
0.62 
0.58 
0.59 
0.63 
0.68 
0.57 
0.60 
0.55 
0.57 
0.57 
0.60 
0.58 
0.55 
0. 70 
0.60 

SCl(in. x 10-3) 

Location 
HI #2 

0.05 
0.07 
0.08 
0.06 
0.06 
0.08 
0.06 
0.07 
0.10 
0.09 
0.09 
0.10 
0.08 
0.08 
0.13 
0.10 
0.09 
0.08 
U.07 
0.09 
0.07 
0.04 
0.11 
0.03 
0.05 
0.04 

0.07 
0. 07 
0. 08 
0.05 
0.06 
0. 07 
0.06 
0.06 
0.10 
0.07 
0. 07 
0. 09 
0.07 
0.08 
0.10 
0.10 
0.08 
0.08 
0.07 
0. 08 
0.07 
0.04 
0.08 
0.05 
0. 07 
0.06 

tion data corresponding to subgrade modulus values 
are also plotted in Figure 6. 

CROSS-CORRELATION 

Comparison of two time series--subgrade modulus and 
precipitation--was made by examination of the cross
correlation coefficient. The correlation coefficient 
summarizes in a single quantity the extent to which 
pairs of the data subsets vary linearly with each 
other. Because the correlation coefficient ranges 
from -1 to +l and indicates an increasingly large 
linear correlation as it approaches either end of 
its range, examination of the correlation coeffi-

SP( %) BCI(in. x 10- 3 ) 

Location Location 

~ ( i n. x 10-3) 

Locati on 
#1 112 #1 · 112 Cl 112 

0. 06 
0.06 
0.06 
0.06 
0.06 
0.07 
0.06 
0.08 
0.07 
0.09 
0.07 
0.08 
0.08 
0. 08 
0.10 
0.12 
0.08 
0.09 
0.07 
0.06 
0.07 
0.06 
0.08 
0.05 
0.01 
0.05 

0.07 69 
0.07 66 
0.07 66 
0.06 69 
0.06 68 
0.08 69 
0.07 66 
0.09 66 
0.09 66 
0.09 66 
0.08 67 
0. 07 65 
0.08 64 
0.08 66 
0.10 64 
0.11 66 
0.08 68 
0.11 69 
0.07 68 
0.07 66 
0.07 68 
0.06 67 
0.08 65 
0.06 68 
0.04 69 
0.06 67 

69 0.18 
67 0.19 
66 0.19 
69 0.20 
69 0.18 
70 0.19 
67 0.19 
70 0.20 
67 0.20 
68 0.20 
69 0.19 
67 0.22 
71 0.21 
67 0.19 
70 0.19 
65 0.23 
68 0.21 
70 0.23 
69 0.21 
68 0.21 
68 0.20 
68 0.19 
67 0.20 
67 0.18 
66 0.19 
66 0.17 

0.21 
0.21 
0.21 
0. 21 
0.20 
0. 21 
0.21 
0. 22 
0.21 
0.21 
0.20 
0.20 
0. 22 
0.20 
0.23 
0.22 
0.21 
0. 22 
0.22 
0.24 
0.20 
0.20 
0. 21 
0. 18 
0.19 
0. 18 

cients provides a simple way to compare data of 
different groups. 

One way of comparing two similar parts of a curve 
is to break the two segments apart and fit one to 
the other. The goodness-of-fit, measured in some 
manner, would be an index of their similarity. 
Autocorrelation, in effect, does this except the 
entire sequence is compared to itself at all pos
sible positions. The autocorrelation of a time 
series (Yi) at lag(L) is given by 

(!) 

where 
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Figure 4. Temperature adjustment factors for SP (121. 
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Figure 6. Time histories of subgrade modulus and precipitation 
at locations 1 and 2. 
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Figure 5. Nomograph to determine sample size at 95 percent confidence level for Dynaflect 
deflections (!!!). 
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Cov = covariance, 
S = standar d deviation, and 
t = amount of offset between the two series 

being compared. 

To perform cross-correlation, however, the tech
nique for moving the sequences past one another must 
be modified. When two different series are being 
compared,· cross-correlations must be made. Because 
one sequence is being moved past the other rather 
than being lagged behind from a position of initial 
equivalence, the successive comparisons are referred 
to as match positions rather than lags. A plot of 
match positions versus cross-correlation is called a 
cross-correlogram. A typical example is shown in 
Figure 7, which explains the construction of a cor-
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relogram produced by two dissimilar sequences. 
The cross-correlation for comparison of two time 

series (Y1 and Y2) is defined as (~) 

Im =(nLY1Y2-LY 1 LY2)/{[nLYI-(LY1 ) 2) [nLY~ 

-(LY2)2) F' 
or 

where 

rm cross-correlation coefficient, 

(2) 

(3) 

n number of overlapped positions be
tween the two series, 
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covariance of the overlapped 
portions of the two sequences, and 
standard deviations of the over
lapped segments of sequences 1 
and 2. 

The summations are understood to extend only over 
the segments of the two sequences that are over
lapped at the match position. 

The significance of the cross-correlation coef
ficient can be assessed by the approximate test <11>, 

t =rm [(n - 2)/(1 - r~)] y, (4) 

which has n-2 degrees of freedom. This test has 
been derived from a test for the significance of the 
correlation between two samples drawn from normal 
populations. The null hypothesis is that the cor
relation is zero. 

DISCUSSION OF RESULTS 

A computer program CROSCR (21) is used to compute 
the cross-correlation between the two time series. 
The program slides the first chain past the second 
by an incrementing DO loop in which the correlation 
coefficient is calculated. Successive values of 
r 111 are printed with corr1111ponding values of the 
t-i;tatistic calculated by Equation 4. 

Figure 8 shows the cross-correlograms for loca
tions 1 and 2 and the corresponding t-statistic. 
Each series was represented by 90 data points with 
match position 1 defined by the overlap of the first 
three points of the precipitation series and the 
last three points of the modulus series. Because 
the effect of precipitation is to reduce the sub
grade modulus value, negative values of the cross
correlation coefficient need to be studied for a 
specified matching position. Match position BB 
defines the two time series with zero lag and match 
positions in its vicinity, but positions greater 
than position BB should be of interest for compari
son study. It is evident from Figure 8 that the 
highest correlation is obtained at match position 92 
for location 1 and match position 95 for location 
2. Because there are 3 days between two successive 
match positions, the inference could be made that it 
took 12 to 21 days for the subgrade at the locations 
investigated to reach its critical state after the 
corresponding precip.itation. 

The time lag between the precipitation and the 
critical ~tate of the subgrade seems tu be large and 

Figure 7. Example of correlogram produced by cross-correlation of two 
dissimilar sequences (correlogram is asymmetric unless both sequences 
are identical) . 
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must be interpreted cautiously within the limita
tions of the investigation. The frequency of the 
de.flection measurements is not less than 7 days, and 
the precipitation scale represents the amount of 
precipitation for 3 consecutive days. Furthermore, 
the subgrade modulus values are arrived at indi
rectly. Even with these limitations, the cyclic 
nature of the cross-correlogram, which is also true 
for other match positions not shown in Figure 8, 
certainly indicates the interdependency of the two 
time series. 

An estimate of the significance of the correla
tion can be made from the plot of t-statistic for 
each match position shown in the top part of Figure 
8. To determine the probability that the correlation 
coefficients represent causative rather than fortu
itous relationships or linkages between pairs of 
parameters, two confidence levels were selected. At 
the 95 percent confidence level, the null hypothesis 
(no correlation) can be rejected for match positions 
90 through 94, and at the 99 percent confidence 
level, the same conclusion can be drawn for match 
positions 92 and 93 for location 1. High confidence 
levels should be considered because there is some 
probability that even pairs of numbers selected 
completely at random will show some degree of cor
relation. 

The extent of the variation in subgrade modulus 
due to precipitation will depend, in part, on. the 
geotechnical properties of the subgrade soils and 
the topography of the location. The general topog
raphy around the test locations is rolling. Both 
test sites are located on a fill section S to 6 ft 
high. The subgrade soils are predominantly glacial 
and alluvial. The maximum, minimum, and average 
values of the subgrade modulus during the 9-month 
period were found to be 30,500, 25,000, and 27,375 
psi at location 1 and 30,000, 22,000, and 26,604 psi 
at location 2, respectively. In other words, the 
variation in the average subgrade modulus at loca
tion 1 ranges from +11.4 percent to -8.6 percent, 
whereas that at location 2 ranges from +12.8 percent 
to -17.3 percent. Although no extrapolation or gen
eralizations can be made from these values, the 
magnitude of variation probably would have been 
greater for the same pavement structure without the 
lime-treated subgrade. 

CONCLUSIONS 

Within the scope and limitations of this study the 
following conclusions can be advanced. The subgrade 
modulus is directly affected by precipitation. The 

Figure 8. Correlogram and !·statistics produced by 
subgrade modulus and precipitation data sequences 
at two locations. 
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time required for the subgrade to reach its weakest 
state after a rainfall is quite long: depending on 
local factors, it might be as long as 3 weeks. At 
the 95 and 99 percent confidence levels a correla
tion is found to exist between the two time series-
precipitation history and corresponding variation in 
subgrade modulus. The variation in the average 
modulus of the lime-treated subgrade ranges from 
+11.4 to -8.6 percent at location 1 and from +12.8 
to -17.3 percent at location 2. 

ACKNOWLEDGMENT 

The senior writer acknowledges support provided by 
the professional development program of NFS Ser
vices during the preparation of this paper. 

REFERENCES 

1 . F.H. Scivner, R. Peohl, W.M. Moore, and M.B. 
Phillips. Detecting Seasonal Changes in Load
Carrying Capabilities of Flexible Pavements. 
NCHRP, Rept. 76, 1969. 

2. B .B. Broms. Effect of Degree of Saturation on 
Bearing Capacity of Flexible Pavements. HRB, 
Highway Research Record 71, 1965, pp. 1-14. 

3. G.L. Hoffman, G. Cumberledge and A.C. Bhajan
das. Frost Action Effects on Pavements--Execu
tive Summary. Pennsylvania Department of Trans
portation, Rept. FHWA-PA-RD-68-30, Dec. 1979. 

4. N .K. Vaswani. Case Studies of variations in 
Subgrade Moisture and Temperature Under Road 
Pavements in Virginia. TRB, Transportation 
Research Record 532, 1975, pp. 30-42. 

5. B.D. Marks and T.A. Haliburton. Subgrade Mois
ture Variations Studied with Nuclear Gages. 
HRB, Highway Research Record 276, 1969, pp. 
14-24. 

6. J.N. Guinnee. Field Studies on Subgrade Mois
ture Conditions. HRB, Special Rept. 40, 1958, 
pp. 253-267. 

7. R.J. Krizek. Seasonal variation in Flexible 
Pavement Deflections. Journal of the Highway 
Division, ASCE, Vol. 94, No. HW2, Nov. 1968, 
pp. 219-228. 

8 . G. Cumberledge, G.L. Hoffman, A.C. Bhajandas, 
and R.J. Cominsky. Moisture Variation in High
way Subgrades and the Associated Change in 
Surface Deflections. TRB, Transportation Re
search Record 497, 1974, pp. 40-49. 

9. K. Russam. Subgrade Moisture Studies by the 
British Road Research Laboratory. HRB, Highway 
Research Record 301, 1970, pp. 5-17. 

1 O. G. Way. Environmental Factor Determination 
from In-Place Temperature and Moisture Measure-

15 

ments Under Arizona Pavements. Arizona Depart
ment of Transportation, Rept. FHWA-AZ-80/157, 
Aug. 1980. 

11. s.s. Bandyopadhyay. Developing a Functional 
Subsystem of Overlay Design Using Dynamic De
flections. Journal of Civil Engineering Design, 
Marcel Dekker, Vol. 2, No. 4, 1980, pp. 443-457. 

12. S.S. Bandyopadhyay. Flexible Pavement Evalua
tion and Overlay Design. Transportation Engi
neering Journal, ASCE, Vol. 108, No. TE6, Nov. 
1982, pp. 523-539. 

13. s.s. Bandyopadhyay. Structural Performance 
Evaluation of Recycled Pavements by Using Dy
namic Deflections Measurements. TRB, Transpor
tation Research Record 888, 1982, pp. 38-43. 

14. S.S. Bandyopadhyay. Dynamic Deflection of 
Pavement: Measurements, Interpretations and 
Applications. Proc., International Symposium 
on Bearing Capacity of Roads and Airfields, 
Trondheim, Norway, June 1982, pp. 858-869. 

15. S.S. Bandyopadhyay. Design and Structural 
Condition Evaluation of a Cold Recycled Pave
ment. In Properties of Flexible Pavement Mate
rials, ASTM, Special Tech. Publication 807, 
1983. 

16. s. s. Bandyopadhyay. Pavement Distress Identi
fication and Condition Evaluation. Journal of 
Civil Engineers for Practicing and Design Engi
neers, Pergamon Press, Vol. 2, No. 6, 1983. 

17. S.S. Bandyopadhyay. Sample Size of Pavement 
Deflections. Journal of Civil Engineering 
Design, Marcel Dekker, Vol. 2, No. 4, 1980, pp. 
339-346. 

18. S.S. Bandyopadhyay. Determining Sample Size of 
Pavement Deflections by Nomograph. Civil Engi
neering, ASCE, Vol. 53, No. 3, March 1983, pp. 
57-59. 

19. S.S. Bandyopadhyay. Sample Size of Pavement 
Deflections by Nomograph. Transportation Engi
neering Journal, ASCE, Vol. 109, No. TE4, July 
1983. 

20. K. Majidzadeh. Dynamic Deflection Study for 
Pavement Condition Investigation. Ohio Depart
ment of Transportation, Final Rept., June 1974. 

21. J.C. Davis. Statistics and Data Analysis in 
Geology. Wiley, New York, 1973. 

Publication of this paper sponsored by Committee on Environmental Factors 
Except Frost. 

Notice: The contents of this paper reflect the views of the writers, who are 
responsible for the facts and accuracy of the data presented. This paper does 
not necessarily reflect the official views or policies of the Kansas Department 
of Transportation or FHWA. 



16 Transportation Research Record 945 

Matrix Suction Instrumentation of a 
Vertical Moisture Barrier 
MIGUEL PICORNELL, ROBERT L. LYTTON, AND MALCOLM STEINBERG 

The rehabilitation of a section of Interstate 37 in San Antonio, Texas, was 
undertaken to correct a chronic problem of expansive clay roughness. A ver
tical moisture barrier was placed down to a depth of 8 ft (2.4 ml along the 
outside shoulders of the northbound and southbound lanes. Several concur
rent measurements, including the measurement of matrix suction at both 
sides of the membrane at several depths, were made in the laboratory and in 
the field to evaluate the effectiveness of the moisture barrier. The calibra· 
tion of the thermal moisture sensors that are used to measure suction, the dif· 
ficulties encountered in the calibration process and how they were overcome, 
and the installation of the sensors in boreholes on each side of the moisture 
barrier are described in this paper. The devices are sensitive and accurate in 
measuring suctions above -1 bar but lose sensitivity below that level of suc
tion. The sensors are expected to provide stable readings for several years. 
The site and soil conditions, the placement and cost of installing the vertical 
moisture barrier, and subsequent indications of moisture changes inside and 
outside of the barrier are also described. 

The rehabilitation of a section of I-37 in San An
tonio was undertaken to correct a chronic problem of 
expansive clay roughness. A vertical moisture bar
rier was placed down to a depth of 8 ft ( 2. 4 m) 
along the outside shoulders of the northbound and 
southbound lanes. Several types of measurements 
have since been made to evaluate the effectiveness 
of the moisture barrier. These measurements include 
(a) periodic measurements of the matrix suction with 
devices that are the subject of this paper, (b) 
pavement surface profile measurements with the GM 
profilometer, and (c) a variety of laboratory tests 
on the soil from the site to determine its engineer
ing, chemical, and mineralogical characteristics. 
The site location and existing subsurface condi
tions, the installation of the moisture barrier, and 
the calibration and installation of the moisture 
sensors are outlined in this paper. Some of the 
preliminary results of the study are presented and 
interpreted. 

SITE LOCATION 

Figu.re 1 shows a location map of th_e project site 
within the city of San Antonio on I-37. Where the 
deep, vertical, fabric moisture barrier was placed 
I-37 is an eight-lane divided highway (see Figure 
2). The main lanes were separated by a sodded me
dian, 28 to 36 ft (8.5 to 11.0 m) wide that had a 

Figure 1. Location map. 

concrete median ditch 3 ft (0.9 m) wide and a steel 
medium barrier guardrail. Each of the travel lanes 
was 12 ft (3.66 m) wide, with a 10-ft (3.05-m) out
side shoulder and a 6-ft (1. 8-m) inside shoulder. 
The main lanes were constructed on 6 in. (15 cm) of 
lime-treated subgrade, 6 in. (15 cm) of lime-stabi
lized base, and 8 in. (20 cm) of concrete pavement. 

The rehabilitation contract included a rubberized 
asphalt seal coat, an asphaltic concrete level-up, 
and a finish course. Reconstruction of the median 
provided positive drainage from a built-up section 
with a concrete Jersey-type median barrier on base, 
which was sealed with asphalt (see Figure 3). A 
moisture barrier was placed 8 ft (2.4 m) deep along 
the outside shoulders of the northbound and south
bound lanes. A perforated underdrain pipe 6 in. (15 
cm) in di;imP.t.P.r Wi'IR pl11r.P.n in some are11s otitside the 
f;ihrir.. The fabric's trench wa~ backfilled with 
gravel and the top 3 ft (0.9 m) were cement stabi
lized. Project contract quantities called for place
ment of 23,750 yd 2 (19 860 m2 ) of the fabric. The 
work extended from South Hackberry Street on I-37 to 
south of Pecan Valley Drive, a distance of more than 
2 miles (3.2 km). 

The depth of the barrier was selected on the 
basis of the monitoring records 1.!rll of heave and 
moisture changes in a nearby, similar site. The 
heave records indicated that most of the heave took 
place above the 8-ft depth. Below 8 ft (2.4 m), the 
moisture content versus depth curves remained ap
proximately parallel during the whole monitoring 
period, which indicates that moisture content below 
this depth is not affected by seasonal changes. 

SUBSURFACE CONDITIONS 

Subsurface conditions were investigated by drilling 
eight borings with a hand auger to a depth of 3 ft 
(0.9 m). For the field installation of the matrix 

Figure 2. Cross section of existing pavement. 
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Figure 3. Cross section of rehabilitated pavement 
showing vertical moisture barriers. 
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suction sensors four mechanical borings were also 
drilled to a depth of 9 ft (2.7 m). The approximate 
locations of these borings are shown in Figure 4. 

Figure 4. Site plan of sensor installations. 

Scale: I 11 = 2001 

Hole *2 - Location of boreholes housing suction sensors 

A2, N2 - Location of hand auger 
drilled in April 81 and November 80 

The hand-auger borings were drilled at two different 
times, the first half in November 1980 and the sec
ond half in .. pril 1981. The deeper borings were 
drilled in October 1981. 

Throughout the depth investigated, the subsoil 
consisted of highly weathered claystone. The soil 
is a highly plastic silty clay (CH), light gray mot
tled yellow and brown, with some sand and fine 
gravel. The grain-size distribution was investigated 
by sieving through No. 200 sieve, complemented by a 
hydrometer determination of the colloid content. 
The sand fraction represented less than 5 percent of 
the majority of the samples, the silt fraction 
amounted to from 35 to 45 percent, and the clay size 
particles made up from 50 to 65 percent of the total 
dry weight. 

The liquid limit oscillated between 70 and 85 
percent, and the plasticity index ranged from 40 to 
50 percent. The general trend was for plasticity to 
increase with depth within the upper 3 ft (0.9 m). 
The activity (3) of these soils averaged about 0.85, 
which correspo~ds to that of a normally active clay. 

The moisture contents of the soil samples ob
tained in the first hand-auger borings showed a 
marked increase with depth. The average moisture 
content of the soils was only 83 percent of their 
plastic limits in the first foot (0.3 m), but it was 
91 percent in the second foot (0.6 m). The moisture 
content in the third foot ( O. 9 m) was higher than 
that of the plastic limit. Therefore, moisture 
contents that were higher than the plastic limit 
could be expected with in the 8 ft ( 2. 4 m) of mem
brane penetration. Furthermore, before the sampling 
in the summer of 1980 the weather was extremely hot 
and there was a long period of drought; as a result 
the samples taken in October 1981 had low moisture 
contents, probably the lowest to be encountered 
during the entire monitoring period. 

To determine the mineralogical composition the 
soil was fractionated into sand, silt, coarse clay, 
and fine clay. Both clay fractions were dialyzed 
and freeze-dried. The minerals in each clay fraction 
were identified in subsamples, previously saturated 
with the appropriate cations, by X-ray diffraction, 
infrared spectroscopy, and electron microscopy. 
Quantitative analysis using analytic procedures was 
attempted. Smectite and vermiculite percentages 
were determined by the methods of Alexiades and 
Jackson ( 4, 5). Micas were determined through the 
total pot;-s~"ium content (~). The predominant mineral 
was montmorillonite, which made up 27 percent of the 
total soil dry weight. Other minerals were muscovite 
(13 percent), kaolinite (8 percent), and vermiculite 
(2 percent). 
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PLACEMENT OF VERTICAL MOISTURE BARRIER 

The contractor engaged a subcontractor for the fab
ric placement. The subcontractor used a Parson's 
500 trenching machine with a special attachment that 
loaded the excavated material directly onto a dump 
truck. The trenching machine boom was fitted with a 
sliding shoring to hold the Typar roll vertically in 
the excavation, unroll it as the machine progressed, 
and prevent collapse of the earth wall. A portable 
paving machine batched the one-sack cement-stabi
lized base that topped the trench gravel backfill. 

The subcontractor began placing the fabric on 
February 4, 1980, and completed the work on May 21. 
Oh the most successful day 485 ft (147.7 m) of the 
fabric were placed. The daily average was 350 ft 
(106.6 m). The subcontractor said that if the spec
ification had been less rigid for the backfill the 
work would have been done for $16 per foot rather 
than the bid price of $21 per foot. 

MATRIX SUCTION SENSORS 

Suction is the energy per unit weight of water with 
which the water is held within the soil. The most 
common types of field sensors of soil suction in
clude porous blocks (resistivity or thermal blocks) 
and psychrometers. The selection of sensor type was 
based primarily on two criteria, the proposed length 
of the monitoring period and the range of the suc
tions expected. 

Because the site response would be monitored for 
several years, stable equipment was required. The 
long-range stability of thermal blocks is dramati
cally higher than that of resistivity blocks, and 
thermal blocks are less susceptibile to contamina
tion or corrosion than are psychrometers, which are 
sensitive to corrosion of the thermocouple. 

The preliminary site reconnaissance indicated 
moisture contents at and above the plastic limit, 
which corresponds approximately to suctions above -3 
bars. Therefore, most of the time the measurements 
were expected to lie in the range of 0 to -1 bar, 
and only occasionally were they expected to become 
more negative. In this range the sensitivity of 
suction with respect to changes in relative humidity 
is drastic, and so is its dependence on temperature. 
This sensitivity and dependence greatly reduce the 
accuracy of suction measurements by psychrometers. 
Thermal blocks are accurate in this suction range, 
and their sensitivity drops off only at somewhat 
more negative suction levels. 

Thermal blocks were selected as the best alterna
tive, and a commercially available portable data 
acquisition system, the MCS 6000 of Moisture Control 
Systems, Inc., was selected. Each sensor consists 
of two modules housed in cylindrical polyvinylchlo
r ide (PVC) containers and connected in-line (see 
Figures 5 and 6). The first module has a porous 
ceramic tip in which are embedded a miniature heater 
and temperature sensing devices. The second module 
contains the rest of the circuitry, including ampli
fication and timing devices. The sensors are con
nected to the data display by airtight and water
proof leads and connectors. 

The measurement technique consists of sensing the 
rate of heat dissipation in a porous material of low 
heat conductivity compared with that of water (7). 
The operation requires that a precisely controlled 
amount of heat be released at a fixed rate. The 
release takes place at the center of the block, and 
the temperature rise after a fixed time is then 
measured. The temperature rise is inversely related 
to the moisture content in the porous block, and 
moisture content is, in turn, related to the matrix 
suction in the block. 
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Figure 5. Moisture sensor timing and amplification module (topl and sensing 
module (bottoml. 

Figure 6. Sensing module ready for installation. 

The porous block is designed to achieve two main 
objectives: 

1. The pore size distribution has to be such as 
to prevent complete desaturation within the range of 
matrix suctions to be measured, and 

2. The size of the block has to be sufficient to 
prevent the heat pulse from affecting the tempera
ture of the pore water in the surrounding soil (~) . 
(The heat pulse must be contained within the block 
to avoid the need to calibrate the sensor for each 
specific soil.) 

The sensor's output is not affected by the con
ductivity of the soil solution (_2). The only envi
ronmental changes, other than matrix suction 
changes, that can affect the sensor's output are 
temperature changes. Temperature changes can cause 
changes in the thermal conductivity of the soil 
solution and in the output of the temperature sens
ing devices. This dependence has been found (_2) to 
be small for higher suctions, but below -10 bar it 
can become significant. Nevertheless, the MCS sen
sor s (7) are temperature compensated. The induced 
change; can be neglected provided that the rate of 
temperature change is less than 0.1°C per minute. 

Two major uncertainties are associated with mea
surements with thermal blocks: (a) the nonunique 
suction-moisture content relationship of the block 
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and (b) whether the measurement is purely matrix 
suction or is intermediate between this and the free 
energy of the soil solution. 

Characterization of the hysteresis of the MCS 
thermal blocks was not attempted. However, reported 
typical errors due to hysteresis (10, p. 128) are 
lO. 25 pF. Because the expected-suction range 
falls in the upper (less negative) suctions, any 
error due to hysteresis will be small and can be 
neglected . 

The second uncertainty occurs because the bound
ary between the porous block and the clay will be
have as a Donan membrane (11), which will allow the 
passage of water and ions but will prevent the pas
sage of clay particles. This will cause a Donan 
potential across the boundary, and, consequently, 
the pore solution in the block will be somewhat 
different from the soil solution. Therefore, the 
sensor reading will include, to some undetermined 
extent, part of the osmotic suction of the soil 
solution. 

SENSOR CALIBRATION 

The sensors were calibrated using pressure-plate 
extractors. The sensor was placed within a soil 
clod on a high-air-entry porous plate. The plate, 
the soil, and the sensor were then enclosed in a 
pressure-plate extractor. The desired suction level 
was achieved by increasing the air pressure in the 
pressure chamber and letting the pore water be in 
contact with water at atmospheric pressure through a 
high-air-entry porous plate (see Figure 7). 

The porous block of the sensor had to be satu
rated before attempting to calibrate the sensor. 
This was accomplished through four cycles of vacuum
assisted saturation and desaturation by air drying. 
After the fourth saturation cycle the sensors were 
kept underwater until their installation in the 
field. 

In this calibration technique hydraulic contact 
must be maintained between the pore water within the 
block and in the pressure plate interstices. The 
selection of the soil type to achieve this is crit
ical. The water-holding capacity of the soil has to 
be high enough to prevent complete desaturation at 
the maximum suction level to be achieved, and the 
shrinking potential of the soil has to be low enough 
to prevent excessive cracking or drying of the soil 
mass. The soil selected for this study was Norwood 
silty loam, a silty clay of low plasticity. 

The soil was brought to approximately the satura
tion percentage, and then a 1-in.-thick layer was 
spread over three-fourths of the surface area of the 
pressure plate. The sensor was placed horizontally 
on the soil and pushed in, leaving the porous block 
side approximately 0.5 in. from the plate. More 
soil was then piled on the porous block. The total 
amount of soil used was about 3 or 4 lb. Much at
tention was paid to obtaining a good contact between 

Figure 7. Cross section of calibration set-up. 
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the soil and the porous block, as well as to pre
venting air bubbles from becoming trapped in the 
soil mass. The sensor was connected to an electrical 
lead through the wall of the pressure chamber and 
the connections were protected by silicone cement 
and impermeable tape. The soil and plate were wetted 
by leaving 0.5 in. of water standing on the pressure 
plate overnight. 

The pressure chamber was closed and the air pres
sure was increased gradually to the desired value. 
Thereafter the discharge end of the outflow tube was 
kept underwater at all times. The assembly was 
maintained under constant air pressure for about 2 
weeks. Then the sensors were read for several con
secutive days until the reading stabilized. The air 
pressure was then increased to the next desired 
calibration value. The outflow tube was inspected 
periodically to detect any excessive air bubbling, 
which would indicate faulty behavior of the system. 

The high air pressure in the chamber nas little 
effect on the thermal conductivity of the pore aiq 
however, it has been reported (~) to haire an ap
preciable effect on the output of the temperature
sensing units. This effect results in an erroneous 
sensor reading. To eliminate this error the sensor 
reading is taken after the air pressure is released 
from the chamber (12). The first step in reading 
the sensor is to clamp the outflow tube to reduce 
the backflow of water from the drainage line when 
the air pressure is released. The pressure release 
causes adiabatic cooling within the pressure cham
ber, which results in temperature gradients that can 
cause an erroneous reading. To eliminate the latter 
source of error the system is allowed to come to a 
uniform temperature for 15 min before reading the 
sensor. No attempt was made to evacuate the outflow 
tubei the large amount of soil used on the plates 
renders negligible any changes of moisture content 
due to backflow of the water. 

The major difficulties encountered were loss of 
contact between the soil and the plate or between 
the soil and the sensor, waterproofing the electri
cal connections, and stopping air leaks out of the 
system. Most of the time the loss of contact was 
caused by upward bending on the perimeter of the 
soil clod that separated from the pressure plate. A 
partly successful corrective measure was to load the 
soil clod with a 2-lb porous stone. This was 
successful for air pressures below 1 bar, but above 
1 bar it was not consistently successful. Loss of 
contact between the soil and the plate was checked 
for when the pressure chamber was opened. 

The high air pressures in the chamber cause high 
partial pressures of water vapor. The excess vapor 
left by releasing the air pressure is partly 
expelled with the air and partly condensed within 
the pressure chamber. Condensation on the soil clod 
will result in the alteration of its moisture con
tent, an effect that is minimized by using a large 
amount of soil. A more difficult problem is created 
by condensation on the electrical connections of the 
sensor. Connections m.ust be airtight under several 
atmospheres of pressure differential between the 
interior of the connection and the outside of the 
waterproofing. Waterproofing with silicone cement 
and impermeable tape was used in this study, but the 
technique was not consistently successful. 

Minor air leaks from the system can be difficult 
to detect but can induce excessive drying of the 
plate due to loss of vapor. In the short run this 
will alter the matrix suction within the chamber and 
will cause a defective calibrationi however, after a 
somewhat longer time the air leaks will desaturate 
the porous plate. This is evidenced as frequent 
bubbling through the outflow tube. The sensor 
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readings provide another indication--the readlnqs 
will not stabilize but will continue to increase 
constantly. As an attempt to minimize these effects 
equilibration time was extended and the sensors were 
read several days after they appeared to have stabi
lized. 

The sensors had been calibrated by the manufac
turer with pressure-plate extractors at suction 
levels of -0.3 and -0.6 bar. In this investigation 
they were calibrated at approximately -o. 6 and -1. 0 
bar using a 1-bar pressure-plate extractor, and at 
-2.0 and -4.0 bar using a 15-bar pressure-plate 
extractor. All of the calibration data available 
are shown in Figure 8. The broad band of scatter of 
the results is a clear indication of the variability 
of porous blocks. 

The manufacturer describes a procedure to extrap
olate the calibration curve based on the -0.6 bar 
calibration point. This curve for one of the sensors 
is presented in Figure 9. The calibration data 

Figure 8. Calibration results. 
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obtained by the manufacturer match those obtained in 
this studyi however, the extrapolated curve does not 
provide an acceptable approximation to the calibra
tion points below -0. 6 bar. The errors that can 
occur when using this approximate method are so 
great that they render the method questionable. The 
stabilization of readings was good and they repeated 
fairly well, except when there was condensation on 
the electrical connections. 

All of the results indicate that the sensors are 
sensitive down to about -0.6 bar. Below this suction 
level sensitivity is progressively lost. Sensitiv
ity below -2.0 bar is so low that the readings are 
considered questionable beyond this point. The wide 
scatter of the calibration points is an indication 
that the average or typical calibration curves 
should not be used and that a particular calibration 
curve is needed for each sensor. 
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FIELD INSTALLATION OF SENSORS 

Ten sensors were installed in four boreholes in two 
areas: boreholes 1 and 2 were drilled in the south 
end-west side of the highway section, and boreholes 
3 and 4 were drilled in the north end-east side of 
the highway section. Boreholes 1 and 3 were drilled 
inside the moisture barrier, and 2 and 4 were 
drilled outside. In both areas the two borings were 
located approximately 3 ft (0.9 m) from one another. 
The relative location of the two areas is shown in 
Figure 4. 

At the south end-west side location three sensors 
were installed in each borehole , at depths of 3 ft 
(0.9 m), 6 ft (1.8 m), and 9 ft (2.7 m) from the 
paved surface. At the north end-east side only two 
sensors per boring were installed at 4 ft (1.2 m) 
and 9 ft (2. 7 m). The relative location of the 
sensors, the barrier, and the paved surface is shown 
in Figure 4. 

The main concern in the field installation was to 
achieve good hydraulic contact between the P<>rous 
block and the in situ soil. This is especially 
crucial for soils that have a high potential for 
shrinkage. If the contact between the porous block 
and the surrounding soil is lost, the water transfer 
will take place only in the vapor phase (10). This 
will cause a dramatic increase in equilibration 
time, and when equilibrium is reached the suction in 
the porous block will be the total suction of the 
surrounding soil instead of that of the matrix suc
tion. To minimize the risk of losing contact be
tween the block and the surrounding soil the sensors 
were embedded in a layer of Norwood soil identical 
to that use in the laboratory calibration of the 
sensors. The borings were 8 in. (20 cm) in diameter 
and 9 ft (2.7 m) deep. The bottom of the boring was 
tamped and a layer of Norwood soil was placed. The 
sensor was laid horizontally with the porous block 
located close to the wall of the boring. More Nor
wood soil was added to cover the sensor and then 
lightly tamped. The borehole was backfilled to the 
next installation level with the soil extracted 
during drilling. The soil was backfilled in lifts 1 
ft (30.5 cm) thick. Between lifts the soil was 
tamped to achieve a good seal at the side of the 
borehole. The electrical connections were run up 
the borehole walls. Boreholes 1 and 3, which were 
drilled within the barrier, were also covered with 
asphalt concrete when the backfilling operation was 
completed in order to restore the original pavement 
surface and prevent any extranP.ouR watP.r infil
tration. 

PRELIMINARY RESULTS OF MEASUREMENTS 

The sensors were installed in October 1981. At the 
time of installation the porous blocks were satu
rated, but the Norwood soil was in an air-dry condi
tion. Therefore, the surrounding soil had to qive 
water to the Norwood soil to reach equilibrium. 
This is believed to have imposed a long but undeter
mined equilibration time. 

At present, records are available for only 1 
year, and it is thought that longer records are 
needed before appropriate conclusions can be formu
lated about the trends and the performance of the 
vertical moisture barrier. The available readings 
of three pairs of sensors are presented in Figure 
10. The two sensors of the left part of Figure 10 
are installed in boreholes 3 and 4 at a depth of 4 
ft (1. 2 m). The two sensors of the center part of 
the figure are installed in boreholes 1 and 2 at a 
depth of 6 ft (1.8 m). The two sensors of the right 
part of the figure are installed in boreholes 3 and 
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4 at a depth of 9 ft (2. 7 m). In each case the 
readings of the pairs of sensors reflect the suction 
change across the vertical moisture barrier. Two 
readings of the sensor at 9 ft inside the barrier 
are thought to be in error 1 both readings were out 
of the range of the sensor. In both cases the faulty 
reading is attributed to malfunction of the sensor, 
probably caused by water leaks that affected the 
electrical circuitry. 

The purpose of a vertical moisture barrier is to 
protect the soil mass inside from extreme fluctua
tions of water content. This is accomplished by 
increasing the distance water must travel to get 
into or out of the soil. A very deep barrier would 
eventually reduce to zero the fluctuations of water 
content on the inside. However, from a practical 
standpoint, the depth of the barrier has to repre
sent a compromise between the cost of installation 
and an acceptable level of moisture content oscilla
tions of the foundation soil. With the 9-ft barrier 
depth selected for this study, it was expected that 
the soil suction inside the barrier would f611ow the 
outside trend to some extent but that the oscilla
tions would be considerably damped ,out. The measure
ments to date clearly show that this is the case. 

During the first half of the monitoring period 
the soils outside the barrier showed suctions close 
to zero, which indicates that the soils are almost 
saturated. The Roils inaiilP. thP. harriP.r were not 
saturated to start with, but they gradually wetted 
up as indicated by their suctions that approach 
zero. However, it took soils inside the barrier 
about 35 weeks to reach suction levels similar to 
those of soils outside the barrier. The unusually 
wet conditions outside the barrier were caused by 
the long rainy season that occurred during the 
autumn and winter months of 1981 and 1982. During 
the second half of the monitoring period, the soils 
inside the barrier have shown almost no variation in 
suction level; however, the soils outside have dried 
out to significant negative suction levels that 
correspond to the dry conditions during the summer 
of 1982. 

Other measurements are being made. In the labo-
ratory suction-moisture content relations are being 
determined for soils from various depths. Other 
fundamental characteristics of the soil, such as 
cation exchange capacity and exchange sodium per
centage, are also being measured. In the field 
periodic profile measurements are being made with 
the GM digital profilometer and changing roughness 
patterns are being analyzed. It is too early in the 
life of the rehabilitated pavement to expect any 
significant increase .in roughness or other distress, 
and none has been observed. 

SUMMARY AND CONCLUSIONS 

A vertical moisture barrier was installed on I-37 in 
San Antonio and has been in service for more than 2 
years. Precise matrix suction sensors were placed 
on both sides of the moisture barrier at various 
depths below the surface to monitor the changes of 
moisture and suction as they are affected by ambient 
conditions. The sensors are sensitive and accurate 
in their readings of suction above -1 bar and are 
expected to provide stable readings for several 
years. Calibration of the sensors required the use 
of a pressure-plate extractor in which the sensors 
were surrounded by a soil (Norwood silty loam) that 
has a known suction-moisture relation and low plas
ticity that helps to keep it in good hydraulic con
tact with the water films in the ceramic disk on 
which it rests during calibration. There is enough 
variation in the characteristic slope of the cali
bration curve of these thermal moisture sensors to 
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Figure 10. Readings of sensors at various depths. 
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necessitate the separate calibration of each sensor 
instead of the use of an average curve supplied by 
the manufacturer. At suctions below -1 bar the 
devices lose sensitivity and large variations occur 
in the calibration curves. 

The sensors were installed in boreholes sur
rounded by the same soil (Norwood silty loam) in 
which they were calibrated and placed close to the 
wall of the borehole to reduce the time before they 
would begin to sense the suction in the surrounding 
soil. Subsequent readings indicate that the soil on 
the inside of the vertical moisture barrier has 
remained at a relatively stable suction level where
as the soil on the outside of the moisture barrier 
has had significant suction changes following sea
sonal climatic changes. To date, the sensors have 
performed as expected and have proven to be sensi
tive devices for measuring suctions above -1 bar. 
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Characteristics of Red Clay of Douglas County, Wisconsin 

BRUCE E. BROWN AND J.T. MENGEL 

In the red clay region of Douglas County , Wisconsin, three types of stratigraphic 
succe.s1lon are obsorvod from borehole dato: red clay 8 m (25 f t ) thick over older 
red clay, red clay over brown or g111y clay, and rod clay over brown sand. The 
mean contents with standard deviation of sand (>44 µm), silt (44 to 2 µml, coarse 
clay (2 10 0.2 µm) ,and fi no clay (<0.2 µm) in red clay from 28 borehole samples 
are 4 :I: 4, 24 :I: 12, 42 ± 7, and 30 :I: 6. Smectite clay is dominant in the flno 
clay fraction; lllito and chlorite are dominont in the coarse clays; and qua rtz, 
fe ldspars, and carbonates are dominant in tho slit and send fractions. Pan icl e
site distribution and mineral contents correlate with the At:torberg limit values. 
Tho equations Liquid limit = 10.0 + 0.78 (% <2 µm clay) and Plnnicity index = 
-0.1 + 0.51 (% <2 µm clay) have correlation coefficients of 0.76 and 0.84, re
speetlvely, for this body of data. Tho dominont failure mode in tho Little 
Balsam Crook drainage south of' Suporior and in other timilar locales involves 
drying and cracking of a surficial layer of clay that then slldes as a decollement 
sheet over the underlying clay. This failure may have been promoted by recent 
cultural practice in the area. 

Along the shore of Lake Superior from Michigan to 
the Minnesota border, is an extensive area of red
brown clay-rich sediments that have locally been 
dubbed the •red clay.• The focus of this paper is 
on the characteristics of this material in Douglas 
County, Wisconsin. As the observed properties of 
the red clay are roughly similar throughout Douglas 
County, it is probable that the characteristics 
described here will be found throughout the red clay 
region. The red clay underlies the gently sloping 
Superior plain that, in Douglas County, ranges from 
about 190 m (625 ft) above mean sea level along the 
lake to about 335 m (l,100 ft) along the South 
Range, a sand-covered highland with a lava bedrock 
core. The South Range is the south boundary of the 
red clay region (see Figure l). The red clay is 

Figure .1. The area occupied l>y the red clay in 
Douglas County, Wisconsin. 
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glacially derived and consists of a thick surface 
layer of red-brown and associated grayish clays and 
brown sands. It rests on a vaguely stratified clay 
layer that contains large, but variable, amounts of 
silt, sand, gravel, and coarser material. These 

Quaternary age sediments are underlain, in turn, by 
red sandstones or black basaltic lava flows of late 
Precambrian (Keweenawan) age. 

STRATIGRAPHIC SUCCESSION 

The Quaternary age sediments accumulated at a time 
when the last continental glacier to cover the re
gion was retreating but still filled the eastern end 
of the Lake Superior basin, impounding high level 
lakes in the western end <.!> • The floor of these 
lakes, now the surface of the plain, is dissected by 
a drainage system that is still in a geologically 
youthful stage of evolution and undergoing the kind 
of valley deepening and widening character is tic of 
such a stage. 

In Little Balsam Creek dra i nage, south of the 
320-m (l,050-ft) topographic contour, the strati
graphic succession within about 9 m of the upland 
surface is a clean, fine- to medium-grained brown 
sand containing small amounts of gravel and rare 
boulders. A similar sand is present along the South 
Range across the county. The sands are above the 
level of strong lake action and exhibit a knob and 
kettle or channeled outwash topography that con
trasts sharply with the smooth upland surface of the 
red clay plain below an elevation of 335 m. In the 
Little Balsam area and elsewhere, the sand grades 
laterally into the clay of the plain within a short 
distance. 

North of the 320-m contour, in the Little Balsam 
drainage, the gently rolling upland surface of the 
plain is underlain by a red-brown clay layer that 
can be up to 8 m. thick. Beneath this layer the 
succession may include one of three other layers: 
(a) a second, older red clayi ( b) brownish-gray or 
grayish-brown clays that show varves in some out
crops (SWl/4 sec. 34, T. 47 N., R. 15 w., for exam
ple) 1 and (c) a fine- to medium-grained br.own sand. 
The sands and varved clays may represent a time of 
temporary ice retreat between the times of ice ad
vance recorded by the two red clays. The top of the 
older red clay layer shows markedly higher resis
tance to indentation by a simple spring penetrometer 
(2 to 3 TSf) than does the varved clay or basal part 
of the younger red clay (0.4 to 1.5 TSf). (Such re
sistance measurements were made as auger flights 
were removed from the drill hole.) 

Figure l shows the portions of the red clay area 
underlain by each type of stratigraphic succession. 
Area I, including the coastal townships, much of 
Superior, and the area south of the city, is under
lain by two red clays having little other material 
between. Area II, the St. Louis River valley and 
the higher elevation adjacent to the South Range, is 
the portion of the red clay area where upper and 
lower red clay layers are separated by considerable 
thicknesses of Sand. Area III includes portions of 
the red clay where the varved clays occur between 
the two red clays. 

NATURE OF RED CLAY MATERIAL 

Samples from a number of representative boreholes 
(Figure 2) were used to determine particle-size 
distribution, mineral content, and Atterberg limit 
values. 
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Particle- Size Distribution in Red Cl ay 

Samples were separated into sand (>44 µm), silt 
(44 to 2 µm), coarse clay (2 to 0.2 µm), and 
fine clay (<0.2 µm) separates using a centrifuge 
washing procedure after Jackson 12>: dispersion was 
first accomplished using iron oxide removal (ll and 
sodium hexametaphosphate dispersant (0.5 percent). 
Two triangular diagrams (see Figures 3 and 4) are 
plotted from the observed distributions. Figure 3 
(sand, silt, clay) shows this material to range from 
clay to silty clay with sand contents typically 
below 10 percent. Figure 4 (silt, coarse clay, fine 
clay) shows a relatively uniform ratio of coarse 
clay to fine clay of about 60/40 with greater varia
tion in silt contents. 

Figure 2. Locations of boreholes from which red 
clay samples were taken. 
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Mineralogy of Red Clay 

Both nonlayer silicate minerals (quartz, feldspars, 
dolomite, calcite) and layer silicate clays were 
determined on the silt, coarse clay, and fine clay 
separates. The amounts of nonlayer silicate minerals 
were determined using an internal standard X-ray 
method. 

For quartz, calcite, and dolomite, it was pos
sible to prepare standard mixtures with an alpha
alumina (corundum) internal standard. The results 
for these three minerals are thought to be reliable 
to within ±5 percent. No adequate primary standards 
are available for the feldspars in these samples. 
Using relative line intensities it was possible to 
achieve good relative values for the feldspars from 
sample to sample, but the absolute amounts are esti
mates only. From this procedure, an estimate of the 
total clay mineral content can be derived by differ
ence (i.e., 100 - percentage quartz+ percentage 
calcite + percentage dolomite + percentage feld
spars). Three major clay species were identified in 
all of the red clay samples. Smectite (montmoril
lonite) is indicated by the presence of a line near 
lBA on glycolated samples, chlor i te by the presence 
of a heatstable 14A line plus subsidiary orders, and 
illite by the presence of a line at lOA plus subsid
iary orders. Interstratified clays were present but 
minor and kaolinite, also minor, was not easily 
identified because of the presence of chlorite. To 
accurately determine the amounts of smectite it is 
necessary to carry out size separations. Whole-sam
ple X-raying underestimates smectite and results in 
less consistent data. 

Clay mineral percentages were derived from X-ray 
peak intensities using scale factors appropriate to 
the clay species and normalizing sums to 100 per
cent. Table 1 gives a summary of mineral content 
data. Triangular diagrams (Figures 5 and 6) summa
rize the proportions of clay versus nonclay minerals 
in the red clay and the proportions of illite to 
chlorite to smectite in the fine clay (where no 
nonclay minerals are detected). 

Figure 6 shows smectite as the most variable com
ponent of the fine clay fraction. There is a rela-

Figure 3. Sand, silt, and clay contents for red clay samples taken from boreholes 12, 18, 21-33, 35, 
36, 38-40, 42, 72, 74, 75, 77, and 79-82. 

CLAY (<211) 
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Figure 4. Silt, coarse clay, and fine clay contents for the red clay from boreholes 12, 18, 21, 22, 23, 24, 
42, 72, 74, 75, 77, and 79-82. 
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Figure 5. Relative proportions of clay minerals (quartz and feldspars) and carbonates in red clay. 
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tionship between the mineral content of a separated 
fraction and the size range of the separate. This 
relationship is shown in Figures 7 and 8. Figure 7 
contains cumulative curves where each component 
considered (quartz, feldspar, carbonates, whole 
sample) is normalized to 100 percent and its cumula
tive distribution is plotted versus the logarithmic 
phi scale. As expected, the nonclay minerals are 
coarser than the red clay as a whole. When the 
derivatives of these cumulative curves are plotted 
in Figure 8 (percent phi/phi unit versus phi), all 
of the nonclay minerals peak in the region of 9 phi 
(um). Carbonate has a high differential peak 

because there is little carbonate in the sand or 
clay fraction so the cumulative curve for carbonate 
(Figure 7) rises very fast in the silt range. The 
high proportion of primary minerals in the size 
range 90 to 120 (2 to 0.2 u) is indicative of the 
glacial rock flour component of the red clay and of 
the lack of weathering attack on the material. 

The distribution of clay mineral species as a 
function of particle size is given in Table 2 where 
the percentage of illite in silt plus the percentage 
of illite in coarse clay plus the percentage of 
illite in fine clay is set to 100 percent, and the 
same is done for smectite and chlorite. These nor-
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Figure 6. Relative proportions of smectite, illite, and chlorite in fine clay I< 0.2 µml fraction. 
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Figure 7. Cumulative curves for mineral species in red clay. 
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Table 1. Average percentage of components of red elev derived from the boreholes shown in Figure 2. 

Weight 
Percent Plagio-

Size Size Potassium clase 
Fraction Fraction Quartz Feldspar Feldspar Calcite Dolomite 

>44µm 4 (4)" 60 (5) 24 (10) 14 (5) 2 (I) 2 (I) 
44 to 2µm 24 (12) 34 (4) 15 (4) 14 (4) 7 (S) 15 (5) 
2 to 0.2 µm 42 (7) 19 (S) 13 (4) 10 (4) s (5) 6 (3) 
<0.2µm 30 (6) 
Weighted 
sum 100 19 10 8 4 6 

8 Values in parentheses are standard deviations. 

15 

Smectite 

2 (2) 
9 (3) 
60 (7) 

22 

lllite 

s (2) 
13 (4) 
19 (4) 

12 

25 

Chlo rite Total 

102 
8 (4) 100 
25 (4) 101 
20 (5) 99 

18 99 
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Table 2. Normalization of clay mineral contents so that each species sums to 100 percent: cumulative results. 

Average Average 
Percent o! Weight Cumulative 

Mineral Size Mineral in Fraction of Percent in Normalized Sum of Clay 
Species Fraction Separate Separate Whole Clay" Clay Percent Species 

Smectite Silt 2.4 0.256 0.61 2.8 2.8 
Smectite Coarse clay 9.0 0.398 3.58 16.3 19.I 
Smectite Fine clay 61.8 0.288 17.8 80.9 100.0 
lllite Silt 4.6 0.256 1.18 10.7 10.7 
!Bite Coarse clay J 1.4 0,398 4.54 41.1 51.8 
lllite Fine clay 18.5 0.288 5.33 48.2 100.0 
Chlorite Silt 7.1 0.256 1.82 10.7 10.7 
Chlorite Coarse clay 23.8 0.398 9.47 55.8 66.5 
Chlo rite Fine clay 19.7 0.288 5.67 33.4 100.0 

a Product of average percent of mineral in separate and average weight fraction of separate. 

Figure 8. Curves derived from Figure 7. 
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malized values show that more than 80 percent of the 
smectite occurs in the fraction finer than 0.2 um, 
and more than 50 percent of the illite and chlorite 
occurs in the silt and coarse clay fractions. This 
suggests that the shrink-swell behavior of the red 
clay is closely related to the amount of <0. 2 µm 
clay. However, the Atterberg limit values correlate 
no more strongly with the percentage <0.2 um clay 
than with the <2 um clay. 

CORRELATION OF ATTERBERG LIMIT DATA WITH 
MINERALOGICAL AND SIZE DISTRIBUTION DATA 

The data distribution shown in Figure 9, a plot of 
liquid limit versus plasticity index, is another 
indication of the mineralogic uniformity of the red 
clay (represented by points in the figure). Casa
grande (,!) has shown that sample groups following 

: f 

10 
4> 

15 

the A line come from soils having mineraloqic uni
formity. 

Figures 10 and 11 show the relationship of the 
plasticity index (PI) values and the liquid limit 
(LL) values to the content of <2 µm clay (circled 
values are not included in the regression calcula
tion). This relationship defines "activity" (5, p. 
107). A least squares fit of a straight line to 
these two data clusters generates the following 
equations. 

Pl=-0.1 +0.5!(%<2µmclay) 

r = 0.84, sy.x = 3.0 

LL= 10.0 + 0.78 (% <2 µm clay) 

r = 0.76, Sy.x = 5.8 

PI =0.65 LL- 6.6 

(1) 

(2) 

(3) 
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Figure 9. Plasticity index versus liquid limit. 
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Figure 10. Plasticity index versus percent <2 µm clay. 
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The slope of the line (activity) for Equation l 
falls about midway between accepted values (_?_) for 
illite clays (activity = 0.9) and kaolinite clays 
(activity = 0.3). This clay contains significant 
smectite which, when pure, can give rise to very 
high activities (1.5 or more). The <2 um fraction 
contains, on the average, about one-third minerals 
(quartz, feldspars, carbonates), one-third chlorite 
+ illite, and one-third smectite. This distribution 
will produce a slope in the vicinity of 0.7 if chlo
rite is assumed to be like kaolinite and the primary 
minerals are assumed to have zero slope. The ob
served slope of O. 51 is therefore lower than what 
would be predicted on the basis of mineral content. 

Equation 2 relating LL to % <2 um clay is combined 
with Equation 1 to give the relationship between 
plasticity index and liquid limit. The parameter N 

(0.65) is in reasonable agreement with the value 
from Seed et· al. (2_) for a clay with 0.5 activity. 

Angle of Internal Friction 

Undrained triaxial shear tests run at a slow rate (6 
hours to obtain failure) on three sets of core sam
ples taken in the NEl/4 sec. 36, T. 49 N., R. 14 w. 
provide the best data curr,ently available from which 
values of internal friction angles (0 angles) and 
cohesion can be obtained (Table 3). Construction 
site data give internal friction angles ranging from 
a low of 11 degrees to a high of 32 degrees. Present 
data suggest that an internal friction angle of 
about 18 to 20 degrees for the effective state is 
reasonable. Based on long-term natural slope angles, 
an internal friction angle about half as great is 
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Figure 11. Liquid limits versus percent < 2 µm clay. 
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Table 3. Cohesion and angles of internal friction of three cores 
(NW1/4 sec. 36, T. 49 N., R. 14 W). 

Depth (ft) 

12 to 14 
32 to 35 
80 to 82 

Angle of Internal Friction 

Total Stress 

12.5 
9.0 
8.5 

Effective Stress 

17.0 
14.0 
9.5 

Cohesion 

0.05 kg/cm2 

0.20 kg/cm2 

0.35 kg/cm2 

indicated for the total stress state. More study is 
needed to establish regional variations in materials 
and to associate internal friction angles with par
ticular stratigraphic units. 

SLOPE FAILURE IN RED CLAY 

An important failure mode, which has been observed 
in the red clay material and studied in the valley 
of Little Balsam Creek (tributary to the Nemadjii 
River) !!I, involves (a) loss of toe support at the 
valley bottom, (b) surficial cracking of the clay, 
and (c) sliding of blocks of clay material as on a 
decollement surface, Factors that appear to favor 
such failure include (a) smectite-rich clay with 
substantial shrink-swell capacity, (b) decreased 
infiltration and greater runoff in recent times with 
consequent rapid stream erosion, due perhaps to 
logging and agricultural practices, and (c) a pos
sible increase in surficial drying of the clay since 
the cutting of the climax forest. 

Cracking of these soils during the growing season 
is well known (!,, p. 114). Such behavior is not 
unlike that of soil order Vertisol (8, p. 375). 
Vertisol soils are smectite-rich soils that develop 
in climates with a pronounced dry season and that 
cause problems for construction and agriculture even 
on the flat. Logging operations of the past century 
may have exacerbated the cracking hP.havior and con
tributed to the rate of slope failure. This possi
bility can still be examined1 Hole (7, p. 114) 
reports virgin soils (Ontonagon series)- under two
century-old white pine trees on Madeline Island of 
the Apostle group. Cracking behavior of virgin and 
cultivated soils can still be compared. 

Cracking apparently contributes to slope failure 
by providing conduits that rapidly transmit water to 

' . . . . 

LL= 10.0 + .78(% <211 CLAY) 
r= .76 
Sy.x= 5.8 

100 

the baoe of the oraoked zone. In this zone a 11ub
surface layer, which is a layer of weakness due to 
its higher moisture content, develops. This weak 
zone promotes decollement-sheet-like sliding of the 
surficial blocks. This type of failure is particu
larly evident on slopes that average 15 to 18 de
grees toe to crest, and such slopes are common on 
drainage ways in the red clay region. 

CONCLUSIONS 

Most of the highly active clay (smectite) is in the 
<0.2-µm fraction, yet the Atterberg limit values 
correlate no more strongly with the 0.2-µm fraction 
than with the <2-µm clay. 

The <2 µm fraction contains about one-third 
primary minerals, one-third less-active clay miner
als (chlorite and illite), and one-third active clay 
(smectite). This distribution will produce an activ
ity in the vicinity of 0.7 if chlorite is assumed to 
be like kaolinite and the primary minerals are as
sumed to have zero slope. The observed activity of 
0,5 is therefore lower than would be predicted based 
on the sums of the mineral contant11. 

An internal friction angle of about 18 to 20 
degrees for the effective state is a reasonable 
assumption. Long-term natural slope angles indicate 
an internal friction angle about half as great, 

Slope failure in stream valleys frequently takes 
the form of a cracked surficial layer sliding on a 
more plastic substratum. 
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Geotechnical Evaluation of Loessial Soils in Kansas 
S.S. BANDYOPADHYAY 

Much of western, central, and northeastern Kansas is covered with loess deposits 
from Bignell, Peoria, and Loveland formations along with Sangamon soils 
above Loveland unit. In this paper their significant geological and engineering 
properties are defined, and design gu idelines are presented. Montmorillonite is 
the chief cementing agent in Kansas loess. The Sangamon soil and the Loveland 
loess contain more clay than the Bignell loess and the Peoria loess and have 
h ighnr In situ density and less permeab ility. The in si tu density of Bignall loess 
and Peoria loess Is less th an 85 pcf, and consolidation tests and field o><perlence 
indica te that they are highly su•ceptiblo to hydroconsolidatlon. A key factor In 
the collapse pote ntial of Kansas loessla.I soils appears to be tho mineralogy of 
the soils, specifically the presence of montmorillonite as the chief cementing 
agent; montmorllion ite has th e ability to odsotb more hydrogen cat ions than 
kaolinite and thus ls able to adsorb more water. Total m ess parameto r5 must 
be used to design loess slopes approaching the vertical, and effective stress 
methods are particularly applicable in dealing with saturated loess and with 
seepage stresses where fl attened slopM are required. Saturated loess may 
liquefy due to the cyclic natu re of earthquake loading. Stabilization and com· 
pact ion of loess represent not only an antisubsidence but also an antiliquefac· 
t ion measure. Proper consideration should be given to zoning of areas of col· 
lapslble loesslal soils. 

Loess, a wind- deposited soil composed predominantly 
of silt-s i zed part icles, is found in western , cen
tral, and northeastern Kansas. Loess is also found 
in approximately 17 percent of the United States, 17 
percent of Europe, 15 percent of Russia and Siberia, 
and large areas of China as well as in New Zealand 
and the plains region of Argentina and Uruguay. 
Loess appears to be formed by wind-borne deposits 
traveling over glacial outwash with the higher hu
midity of the outwash causing precipitation of the 
soil particles. The geotechnical properties of 
loess deposits and their unique characteristics are 
of special practical importance to the geotechnical 
engineer, as well as to the agriculturist . Even 
though Te r zagh i <!.> described the pro perties of 
loess as " i n t e r national" when comparing the data 
presented by Scheidig (2) and Holtz and Gibbs (3), 
Peck and Ireland ~) regarded loess "not as a soil 
of remarkably constant and uniform properties, but 
as one possessing local and regional variations al
most as striking as those of some glacial materials." 

Present foundation and earthwork design proce
dures, used in connection with this incompletely 
understood deposit, are still nearly all empirically 

based. The purpose of this paper is to define the 
significant geologic and engineering properties of 
Kansas loessial soils, to identify the potential 
geotechnical problems associated with them, and to 
present design guidelines related to these soils. 
Data from numerous open project files of the Kansas 
Department of Transportation have been used in de
veloping this paper as well as material from a vari
ety of published reports. 

GEOLOGY 

The major sources of loessial soils in Kansas are 
the Platte River valley of western Nebraska, the 
Missouri River valley, and the Republican River 
valley. The deposition of silts from these sources 
is generally attributed to eolian action. The stra
tigraphy of the major loess members and associated 
Pleistocene strata in Kansas is shown in Figure 1. 

Bignell Member 

Significant deposits of Bignell, the youngest of the 
major loess units, have been found in northwestern 
(thin and discontinuous) and northeastern (Missouri 
River valley bluffs in Doniphan County) Kansas. 
Bignell loess . is so similar to Peoria loess that 
t hey can hardly be distinguished unless the Brady 
soil o ccur s strat igraphically below it (2 ) . The 
Brady soil was fo rmed duririg a sho rt i n terglacial 
interval known as the Bradyan substage. The Brady 
profile is moderately to poorly drained and the 
depth of leaching ranges from 1 to 3 feet. Molluscan 
fauna fossils are sometimes contained within the 
Bignell loess. 

Peoria Member 

Typically yellow-tan in color, the Peoria loess 
occurs predominantly in Kansas and was deposited 
during the interval between the Iowan and Mankato 
glacial suhstages in Iowa. The deposition of the 
Peoria loess may have occurred during the relatively 
dry cycle following the melting of the ice sheet. 
The Peoria member ranges in texture from a very fine 
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Figure 1. Pleistocene stratigraphy in Kansas. 
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sand along the Republican River in northwestern and 
north central areas of Kansas to medium silt and 
silty clay in northeastern Kansas. It is at or near 
the surface in approximately one-third of the area 
of Kansas and can be as much as 90 ft thick in some 
areas (Cheyenne and Doniphan Counties). The Peoria 
member is usually fossiliferous and calcareous (5). 
The base of the Peoria loess frequently displayS" a 
leached zone above the Sangamon soil. 

Loveland Member 

Loveland loess is well exposed in northeastern Kan
sas (Doniphan and Brown Counties) and has been 
studied in auger borings and cuts in Atchison, 
Leavenworth, and Wyandotte Counties. The Loveland 
loess is also encountered in some localities in 
central Kansas, particularly in Rice and McPherson 
Counties. The Loveland loess is yellowish brown 
with a grayish tint. The soil developed on the 
Loveland loess has been termed the Sangamon soil 
(.2_) , occurs from the Missouri River valley to the 
Colorado state line, and has been used successfully 
as a stratigraphic datum. When exposed, the Sangamon 
soil profile is usually quite evident because of its 
reddish brown color. 

ENGINEERING PROPERTIES 

Texture, Fabric, and Clay Mineralogy 

Most of the Kansas loess can be classified as silty 
clay loam or silt loam according to the textural 
classif-ication system followed by the Kansas Depart
ment of Transportation. Results of numerous grain
s ize analyses on loess samples from different coun
ties clearly show that, in general, there is a 
decrease in the average clay content of the samples 
from east to west across the state. The Sangamon 
soil and Loveland loess each contains more clay than 
the Bignell loess and Peoria loess. A general de
crease in clay content with depth in Peoria loess is 
also noticed throughout the state . There is, how
ever, an increase with i ncreasing depth within the 
Sangamon soil. Typical grain-size distributions of 
four loess samples obtained from four Kansas coun
ties and their gradation range are shown in Figure 
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21 the samples are identified in Table 1. About 75 
percent of Kansas loess can be classified as silty 
loess, 20 percent as clayey loess, and the rest as 
sandy loess. Almost all of the loess has some plas-

Figure 2. Typical grain·size distribution of Kansas loess. 
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Identification of four samples shown in Figure ·2. 

Sample Depth Liquid Plasticity Specific 
No. County Member (ft) Limit Index Gravity 

1 Finney Peoria 1.2 32 12 2.59 
2 Wyandotte Loveland 3.5 40 19 2.67 
3 Phillips Sangamon 4.6 47 17 2.65 
4 Rawlins Bignell 0.4 28 6 2.62 

tici ty when remolded. The amount of clay present 
has a significant influence on the engineering prop
erties of the loess. 

A study (6) of the elementary fabric of 224 loess 
samples obtained from nine counties of northeastern, 
north central, and northwestern Kansas revealed that 
the nonclay minernlogy of the sand and silt grains 
of all three loess units was similar . The units 
contained from 40 to 50 percent quar·tz grains, and 
feldspars made up about 40 percent o the nonclay 
mineralogy. Peoria loess had about 7 percen t vol
canic-ash shards. The mineral grains were partly 
coated with clay and sometimes carbonate and were 
held together by intergranular braces of clay. The 
Sangamon soil and Loveland loess contained more 
intergranular braces of clay than did the Peoria 
loess. The Sangamon soil also contained waxy coat
ings o.f dark-colored humic substances that must have 
been in the peptized state during Sangamon forma
tion. Binocular microscope studies of 3-in. blocks 
of loess revealed an open, loose-textured fabric 
with many root holes, worm holes, and irregular 
openings in all three loess units. 

The silt-size fraction of the l oessial deposits 
in Ka·nsas contains quartz, feldspars , volcanic-ash 
shards, carbonates , and micas, with quartz making up 
more than half the volume (7). The clay fraction 
consists of montmorillonite, illite , calcite, 
quartz, and feldspar, with a trace of kaolinite 
mineral. Montmor illonite or montmor illonite-illite 
inter layers are the most predominant clay cons ti tu
ents in Kansas loess. The presence of montmoril
loni te is attributed to the weathering of volcanic 
glass. 
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Figure 3 shows the X-ray diffraction patterns of 
the clay fraction of part of a series of samples 
from a failed section of road in Jewell County, 
Kansas (~). The major difference in the X-ray pat-

Figure 3. Typical X-ray diffractograms representative of clay fraction 
in Kansas loess (!!_). 
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terns of the various zones is shown by the intensity 
of the montmorillonite 001 reflection. The Sanagamon 
soil A1b and B2b horizons usually show a broad 
diffuse peak of low intensity attributed to inter
stratification of montmorillonite and illite. The 
intensity of the illite 001 and kaolinite 001 peaks 
does not vary significantly from one horizon to the 
next. 

Physicochemical Chara.cter is tics 

The results of chemical analyses are routinely re
ported by the Kansas Department of Transportation in 
connection with earthwork projects. A study of the 
test results involving loessial soils is summarized 
in Table 2. 

Table 3 presents selected chemical characteris
tics of three horizons in three western Kansas 
loessial soils (8). The Colby soil is a light
colored well to -;;xcessively drained Regosol devel
oped in Peorian loess. The Keith soils have a 
darker surface layer and a more clayey subsoil than 

Table 2. Physicochemical characteristics of Kansas loessial soils. 

Chemical Characteristics 

pH 
Soluble salts 
Available phosphorus 
Exchangeable potassium 
Exchangeable magnesium 
Exchangeable calcium 

Range 

7.1 to 8.7 
0.06 to 0.90 millimhos/cm 
0.01 to 0.5 meq/100 gm 
0.4 to 2.6 meqfl 00 gm 
I.I to I 0.5 meq/l 00 gm 
I 1.6 to 22 meq/100 gm 

31 

the Colby soils. The Richfield soils are dark
colored, moderately fine-textured, chestnut soils. 
The moderate amounts of organic matter and its 
decrease with depth are characteristic of soils 
formed under grass in this climatic area. The high 
organic matter content of Colby A horizon, compared 
with that of the other soils, occurred because the 
Colby soil was in native grassland whereas the other 
soils were cultivated. All profiles were on the 
alkaline side of neutrality. The lower pH of the 
surface layers compared with the underlying horizons 
of the loessial soils is a normal relationship. Cal
cium and magnesium cations constitute from 75.9 to 
91. 7 percent of the exchangeable cations, a normal 
percentage for western Kansas soils. 

Loess soils with high silt content and medium 
sali nity are dispersible and therefore may cause 
pipin9 in dams built of such soils. The main phys
icochemical factor governing the sensitivity of a 
dam to piping or tunneling is the dispersion-defloc
culation characteristic associated with the hydrau
lic conductivity of the material. For piping to set 
in, the soil particles must disperse and go into 
suspension in the seepage water passing through the 
dam. Increased dispersion of a soil is associated 
with (a) increase in cation exchange capacity, (b) 
decrease in cation valency, (c) decrease in ionic 
concentration of the pore fluid, and (d) increase in 
water content. The effect of dispersion can be re
duced by proper compaction, but loess soils with 
total cation exchange capacity greater than 15 
meq/100 gm (~) should be avoided in small dam con
struction. 

Plasticity, Density, Permeability, and Shear Strength 

The plasticity index of unweathered Kansas loess 
units tends to be highest in the eastern counties 
(except for Doniphan County, where the texture of 
the loess was undoubtedly modified by wind-deposited 
sediments from the Missouri River basin) and lowest 
in the western counties. Plasticity data of loess 
samples obtained from various counties are plotted 
as a function of 5-micron clay content (c) in Figure 
4. The nature of the curve is similar to that 
Sheeler (10) obtained for loess in the United 
States, except that the plasticity index values of 
Kansas loessial soils are relatively higher. The 
high values of the plasticity index can generally be 

Figure 4. Plasticity index as a function of 5-micron clay content. 
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Table 3. Selected chemical characteristics of three horizons in three western Kansas loenial soils (!!). 

Organic Exchangeable Cations (meq/ 100 gm soil) Cation Exchange !lase 
Exchangeable Depth Matter 

(in.) Horizon (%) pH Na+ K+ ca++ 

Colby Sill Loaw 

0 to 5 A1 2.3 7.5 .63 1.81 5.88 
5 to 24 AC 0.9 7.7 .67 1.07 5.31 
24 + c 0.5 7.9 .67 1.02 5.91 

Keith Silt Loam 

0 to 11 Ap +A1 2.2 7.2 .39 2.56 9.11 
18 to 24 B21 1.4 7.3 .37 1.66 10.52 
28 to 40 Bea 0.7 7.7 .41 1.17 10.61 

Richfield Silt Loam 

0 to 5 Ap 1.4 7.1 .37 1.43 9.12 
5 to 18 B21 + B22 1.2 7.3 .32 1.66 9.71 
27 to 38 Cea 0.8 7.8 .47 0.82 10.45 

associated with the relatively high percentage of 
montmorillonite present in the Kansas loess. 

The specific gravity of loess in Kansas ranges 
from 2.55 to 2.67. Typical in-place density in the 
top 10 ft ranges from 75 to 90 pcf for Bignell loess 
and is always less than 85 pcf for Peoria loess. 
Sangamon soil and Loveland loess, because of their 
dense fabric, generally have higher densities than 
do Bignell and Peoria loess. The density of loess 
is a significant parameter with respect to the 
usefulness of loess as a foundation material. The 
moisture content of undisturbed loess is usually 
about 10 percent. 

The Peoria loess shows good internal drainage and 
its vertical permeability is greater than its hori
zontal permeability (11, p. 1909). The high vertical 
permeability of Peoria-loess, typically on the order 
of 9 x 10 2 ft/yr (9 x lo-• cm/sec), is partly due to 
the existence of vertical tubules and shrinkage 
joints within the soil mass. Some of the root and 
worm holes within the loess are lined with a few 
thin layers of barrel-shaped calcite crystals found 
in a parnllel arrangement forming crystal tubes in 
dendritic patterns. Sangamon soil and Loveland 
loess, because of their higher field densities and 
smaller pore space, have lower permeability than 
does Peoria loess. Remolded loess shows considerably 
lower permeability than in situ loess, and the ver
tical coefficient of permeability of remolded Peoria 
loess generally ranges from 1.3 ft/yr (1.3 x lo-• 
cm/sec) to 8.6 x 10- 2 ft/yr (8.6 x l0- 8 cm/sec), 
The low permeability values are believed to occur 
because of densification and destruction of the 
t ubule s and joints. The permeability of in situ and 
re.molded soil is of importance in the design of 
landfills, waste ponds, and hazardous waste impound
ments. To avoid piping in loess dams, the upper 
limiting value of permeability for collapsible soils 
should be set at 10 ft/yr c10-• cm/sec) (12). 

Clay content as well as moisture and density at 
the time of testing control the shearing strength of 
loess. A study of numerous Kansas Department of 
Transportation open file reports revealed that in 
undrained triaxial tests, the angle of internal 
friction for Kansas loess fell between 11 and 29 
degrees for samples tested with moisture contents 
below saturation, while the cohesion value ranged 
from 600 to 2,000 psf. Samples that were tested at 
low density and near saturated moisture conditions 
gave internal friction angles of zero or near zero 
at low normal stress. High values of cohesion re
sulted from high density, low moisture content, and 
high clay content. Plate-bearirtg tests reported by 

Capacity Saturation 
Mg++ Total (meq/IOOgm) (%) Sodium(%) Ca/Mg 

1.80 10.12 11.48 88.2 6.2 3.3 
2.20 9.25 10.82 85.5 7.2 2.4 
2.10 9.70 10.53 92.I 6.9 2.8 

2.31 14.37 17.10 84.0 2.7 3.9 
3.42 15 .97 18.54 86.I 2.3 3.1 
3.06 15.25 16.86 90.4 2.7 3.5 

2.61 13.53 15.64 86.5 2.7 3.5 
2.84 14.53 16.96 85.7 2.2 3.4 
2.30 14.04 15.70 89.4 3.3 4.5 

Holtz and Gibbs (3) and Clevenger (13) indicate that 
the bearing capacity of dry loess miy exceed 5 tsf 
and may drop to 0.25 tsf when loess is wetted. The 
variance of density and moisture content, even with
in limited areas, necessitates investigations at 
each important site. 

DESIGN CONSIDERATIONS 

Foundation Design 

Loessial soil found in many parts of the United 
States is typically considered unstable as a founda
tion material because of its potential for large 
settlements due to inundation or rise in groundwater 
levels (3,13-17). Terms like •collapse,• •hydrocon
solidation;o 0r "hydrocompaction• have been used to 
describe this phenomenon that differs from classical 
consolidation because no water is being forced out, 
and, in fact, soil may be adsorbing additional water 
and progressively losing strength. Because not all 
loessial soils are susceptible to hydroconsolidation 
Cll-lQ), identification of collapsible loess is of 
utmost importance to geotechnical engineers when 
structural safety and foundation economy are con
cerns. 

The literature <1•ll•l7 •ll.rlll suggests that 
soils susceptible to bydroconsolidation can be iden
tified by a density crll..eria--that ia, if density ii;: 
sufficiently low to give a space larger than needed 
to hold the liquid-limit water content, collapse 
problems on saturation are likely. In general, if 
the density is greater than 90 pcf, the settlement 
will be rather small. As noted earlier, the in situ 
density of Kansas loess, especially Bignell and 
Peoria loess, in the top 10 ft is generally less 
than 85 pcf, which indicates potential hydroconsoli
dati0n problems. The Bureau of Reclamation ~) 
proposed the use of the natural dry density and 
liquid limit as criteria for predicting collapse as 
shown i n Figure 5. Soil densities that plot above 
the line shown in Figure 5 are in a loose condition 
and, when fully saturated, will have a moisture 
content greater than the liquid limit. Another 
criterion proposed by the Bureau of Reclamation is 
based on an empirical relationship between D, d"ry 
density in place, divided by Proctor maximum dry 
density, and w0 -w, optimum moisture content minus 
in-place water content (see Fig~e 6). use of clay 
activity to identU:y potentially collapsible soils 
has also been suggested (.!!!, 23). 

Some investigators have questioned the use of 
density £or identification. use of a consolidation 
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Figure 5. Criteria for evaluating looseness and probability of collapse (22). 
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test to predict the collapse potential is generally 
favored (13,15,18,19,24,25). The consolidation test 
will give-not ~iY ;- qualitative determination of 
the possibilities of collapse but also quantitative 
information to permit estimates to be made of the 
magnitude of the collapse. Results of such a test 
on a loess sample obtained from Grant County, Kansas 
(26, pp. 233-235), are shown in Figure 7. The loess 
was obtained in relatively dry condition from a test 
pit. Consolidation tests were performed on two, as 
nearly identical as possible, specimens of the sam
ple. The first test was loaded to about overburden 
pressure and flooded 1 increments of loads were then 
added at 48-hr intervals. In the second test, the 
dry specimen was loaded, unloaded, then flooded, 
reloaded, and unloaded again. From the results, it 
can be concluded that dry loess will support fairly 
heavy loads with only small settlements and that 
saturation may produce sudden large settlements. 
Results of similar tests and field experience indi
cate that Kansas loessial soils, especially the 
Bignell and Peoria members, are susceptible to hy
droconsolidation. 
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Figure 7. Void ratio-pressure curve for Grant County loess (22). 
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Many failures in flexible surfacing in Kansas 
have been attributed to moisture buildup in the 
loessial subgrade (27-1.QJ , especially if the sur
faced grade fell within 3. 5 ft of the top of the 
Sangamon soil. It has been found repeatedly that 
there is an increase in moisture content of the 
Peoria loess just above the Sangamon soil: this 
results in weakening of the subgrade. The moisture 
buildup just above the Sangamon soil is due to the 
good internal drainage and vertical permeability of 
Peoria loess and the high field density, smaller 
pore space, and more clay braces in Sangamon soil. 
As a result, in Kans as, Sangamon soils are ge nerally 
subgraded if they are located within a few fee t of 
the finished grade on new construction projecta. 

The high susceptibility of Kansas l oess, espe
cially Bignel l and Peoria loess, to hydroconsol ida
t ion [in contrast with that of Palouse loess in 
southeastern Washington, for example, (19,1.QJJ may 
be partly due to the mineralogy of the clay . The 
chief cementing agent in most Kansas loes s deposits 
is montmorillonite , whereas the chief cementing 
agent of Palouse loess is illite, with only a trace 
of montmorillonite (19). Different clay minerals 
vary in their ability to adsorb hydrogen cations and 
thus in their ability to adsorb water. The number of 
hydrogen cations per 100 mg adsorbed by montmoril
lonite ranges from 360 x 1020 to 50 x 1020 , whereas 
the number for illite ranges from 120 x 10 20 to 240 x 
10 2 •. Therefore, montmor illoni te adsorbs l. 5 to 4 
times more hydrogen cations (water) than does 
illite. Because Kansas loess units are cemented by 
montmorillonite not illite, softening can be ex
pected when the moisture content is increased. If 
the effective stress is sufficient, the weakened 
clay will fail in shear at points of contact between 
grains. Destruction of the intergranular supports 
allows the grains to move into void spaces yielding 
a net decrease in volume and permanent settlement. 

Foundation design in loessial soils depends to a 
large extent on the proper identification of col
lapse potential and on the amount of collapse that 
may occur. In many cases, deep foundations (e.g., 
piles or caissons) may be requi red to transmit foun
dation loads to suitable bearing strata below the 
collapsible soil deposit. However, if the loess 
deposit is not susceptible to hydroconsolidation, 
spread footings can be successfully used (19) and 
are economically preferable to deep foundations. In 
cases where it is feasible to support the structure 
on shallow foundations on or above loessial soils, 
continuous strip footings may provide a more econom
ical and safer foundation than isolated footings 
(15). Differential settlement between columns can 
bE!" minimized, and a more equal distribution of 
stresses may be achieved with the use of strip foot
ings. Foundation systems comprised of reaction 
beams formed by footing beams and load-balancing 
beams in the longitudinal direction have also been 
suggested (31) for collapsible soil. The load-bal-
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ancing beams are reinforced to make the system suf
ficiently stiff. The performance of continuous 
footings, as well as other shallow foundation 
schemes, may be improved [i.e., the vertical dis
placements may be reduced, and more load-carrying 
capacity may be gained by the use of compensated 
footinqH (31)]. If the footing area becomes greater 
than 50 percent of the entire area of the building, 
a mat foundation should be considered for the entire 
foundation. 

The results from laboratory or field tests can be 
used to predict the amount of settlement to be ex
pected. Sometimes the cost associated with obtaining 
relatively undisturbed specimens, transporting the 
specimens in a manner that will not result in addi
tional disturbance, preparing the specimens when 
they reach the laboratory, and performing elaborate 
time-consuming tests may prove too high: in these 
cases in situ testing may be used. Density-in-place 
measurements for loessial soils by means of standard 
penetration tests are not sufficiently reliable 
<ll•El. In situ testing with plate-bearing equip
ment is more reliable. The test can be conducted by 
placing the plate apparatus at the footing bearing 
level and jacking against a heavy construction vehi
cle such as a dozer or backhoe (19). The test area 
is then inundated and the water level maintained for 
a time commensurate with the adverse hydraulic con
ditions being designed tor. Field testing is, of 
course, not without its limitations and is not prac
tical where field saturation occurs from rises in 
the groundwater table. 

In the natural state, loess is protected against 
excessive wetting by a blanket of topsoil and vege
tation. Stripping these materials leaves the porous 
loess vulnerable to rapid wetting by rainfall. 
Water from construction operations and from leaking 
pipes and improper site drainage is another cause of 
excessive wetting and loss of structure in loess 
(33). Attention to grading and drainage can do much 
to prevent settlement or failure of loess soils. 
Clevenger (13) reported the case of a grain elevator 
in Kansas that tilted very badly on the north side 
because of ponding of water on that side after heavy 
rains. The tilting was partly corrected by wetting 
beneath the southern part of the foundation. Peck 
and Ireland (4), however, have disputed this claim. 
Preconsolidation of loess foundations by ponding has 
been successfully applied for hydraulic structures 
such as dams (13) and canals (13,17,~) where the 
material will eventually become wetted. 

Stability Analysis 

The loess of Kansas occurs in flat to undulating 
areas in the south central portion of the state, 
whereas in the northeastern part the area is dis
sected and rough. The vegetation-covered, wind
blown, silt hills give the landscape a characteris
tic hummocky but soft appearance. Where there is 
severe erosion nearly vertical slopes prevail. High
way engineers have long been familiar with this 
peculiarity and have constructed cuts through these 
silt hills with vertical slopes. 

Loess slope stability may be analyzed using to
tal or effective stress parameters. The selec
tion is dependent upon the type of slope deter
mined to be necessary. This, in turn, is 
dependent upon the type of loess, "silty• or 
"clayey", and the moisture content with particu
lar attention to zones of saturation. Total 
stress parameters [are used in Kansas] to design 
slopes approaching the vertical as loesses suit
able for such slopes have low moisture contents 
and strengths which are a function of negative 
intergranular stresses, not amenable to effec-
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tive stress analysis. Effective stress methods 
are particularly applicable in dealing with 
Baturated loess and with seepage stresses where 
flattened slopes are required <12.• p. 65) • 

Slope design in "silty loess• may require 
either vertical or flattened slopes depending 
upon the moisture content existing and antici
pated ( 35) • [In Kansas, J vertical slopes are 
often feasible at moisture contents below the 
critical moisture range and are analyzed using 
total stress parameters. With existing or an
ticipated moisture contents above the critical 
moisture range, but less than saturation, 2:1 
slopes will normally be indicated to be ade
quately safe using total or effective stress 
analysis. Slope selection under these conditions 
is not critical and, for low moderate heights, 
will rarely require analysis. With saturated 
soils, effective stress analyses are required 
for flattened slope designs with realistic as
sumptions as to seepage forces existing during 
excavation and likely to persist after the cut 
is opened. Depending upon the degree of seepage 
forces considered and the strength parameters 
uocd, olcipco will be no steeper than 2-1/2 to 1 
and probably much flatter. The possibility of 
artesian pressures transmitted through saturated 
silty or sandy loesses or underlying glacial 
outwash sands should be given consideration (35, 
p. 66). -

Regardless of moisture content, vertical 
slopes are not practical in clayey loess and 
flattened slopes are used. Procedures discussed 
above (except vertical slopes) are also applica
ble depending upon the need to consider seepage 
forces Clir p. 66). 

Seismic Response and Current Treatment Methods 

A saturated loess may collapse under its own weight 
or when additionally loaded, and subsidence caused 
by earthquakes may be expected. Soil liquefaction 
is also probable due to the cyclic nature of earth
quake loading. Although no report is available on 
the seismic response of Kansas loess, subsidence and 
liquefaction of loess due to earthquake loading have 
been reported elsewhere (36). From a detailed study 
of buildings and other structure~ after the March 4, 
1977, earthquake (magnitude 7.4) in Romania, Minkov 
and Evstatiev (36) concluded that other conditions 
being equal (equal depth of the rock bed, equal 
thickness of the loess cover), buildinqs and instal
lations built on stabilized or compacted loess bases 
suffered practically no damage during the earth
quake. Their seismic performance is evaluated at 
degree VI according to the modified Mercalli inten
sity scale. Buildings and installations built on 
natural loess were affected at degrees VII and VIII. 
It is important to emphasize that in all buildings 
examined, no antiliquefaction measures had been 
taken. It has been reported (37) that the seismic 
intensity decreases by 1 to 2 degrees and the elas
tic modulus increases 5 to 7 times when the base 
density is increased by 20 to 30 percent. Stabiliza
tion and compaction of loess, therefore, represent 
not only an antisubsidence but also an antiliquefac
tion measure. 

The type and amount of treatment depends on the 
depth of collapsible soil and the support require
ments for the proposed facility. A great variety of 
treatment methods have been used in the past. Table 
4 presents a summary by Bara (38) of various treat
ment methods. Further technological advances are 
necessary before heat treatment, ultrasonics, or 
chemical additives (other than lime or cement) are 
feasible. 

The soviets have conducted extensive studies of 
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Table 4. Methods of treating collapsible foundation soils~). 

Depth of Subsoil 
Treatment Desired 
(ft) 

Treatment Method 

Past and Current 

35 

Possible Future 

0 to 5 
5 to 30 

Moistening and compacting (conventional extra-heavy, impact, or vibratory rollers) 
Ovcrexcavotion and. recompaction (earth pads with or without stabilization by additives 

Heat treatment to solidify soils in place 
Ultrasonics to produce vibrations to destroy bond

ing mechanism of metastable soil 

30+ 

such as llme or cement) 
Vibrofloation (free-draining soils) 
Rock columns (vibroreplacement) 
Displacement piles 
Injection of silt or lime 
Ponding or flooding (if no impervious layers exist) 
Any of the above or combinations thereof 
Ponding and infiltration wells 
Ponding and infiltration wells with use of explosives 

chemical stabilization techniques ( 39, 40) • The 
methods currently employed are (a) gase~s----Silicati
zation of sandy and loessial soils, (b) strengthen
ing of carbonate cements by polymers, and (c) chemi
cal strengthening of alluvial soils by clay-silicate 
solutions. The gaseous silicatization treatment 
involves a mixture of soil, carbon dioxide, and a 
sodium silicate solution . Recent investigations by 
Sokolovich (.!Q) have shown that stabilization of 
loessial 5oils by treatment with ammonia is pos
sible. In this method, gaseous ammonia is injected 
via boreholes into loessial soil prone to slump-type 
settlements (15). The ammonia is absorbed by water 
films of the loessial soil and reacts with its ab
sorbing complex. As the result of an exchange reac
tion with the absorbed calcium, highly dispersed 
calcium hydroxide is formed. Reaction of the pre
cipitated calcium hydroxide with the silica and 
colloidal silicic acid of the soil leads to forma
tion of a calcareous-siliceous binder that stabi
lizes the soil (15). 

Zoning Considerations 

Because significant differences occur in the loess
ial soils of different regions, a preliminary zon
ing of the areas of collapsible loessial soils will 
be beneficial to highway agencies, geotechnical 
engineers, geologists, and technical agencies. Fac
tors that should be considered for zoning of loess
ial soils include thickness of collapsible soils; 
sensitivity to wetting of soils, particularly their 
susceptibility to self-subsidence on wetting; degree 
or category of collapsibility; and local experience 
in highway and building construction. Such zoning, 
if developed, will help in regional planning, site 
selection, and development of construction measures 
compatible with local soil conditions. China, where 
loess and loesslike soils are widely distributed in 
the north and the northwest and cover 6.6 percent of 
the country's land surface, has developed a zoning 
map (41-_!l). 

SUMMARY 

The widely distributed loessial soils of Kansas 
inevit'<lbly bear the imprints of local geographical 
and geological conditions. The major loess members 
associated with the Pleistocene age are Bignell, 
Peoria, and Loveland along with Sangamon soil above 
the Loveland unit. A trend of gradual, steady reduc
tion in the average clay content is found from east 
to west across the state. The Sangamon soil and 
Loveland loess each contain more clay than do 
Bignell loess and Peoria loess. Montmorillonite is 
the most predominant clay constituent in Kansas 
loess. Calcium and magnesium cations constitute 75 
to 92 percent of the exchangeable cations. Plastic
ity index values of Kansas loess are relatively high 

Chemical additives to strengthen bonding 
mechanism of metastable soil structure (possible 
electrochemical methods of application) 

Use of groutlike additives to fill pore spaces before 
solidification 

compared with those for the rest of the United 
States, and vertical permeability is greater than 
horizontal permeability. Kansas loess, especially 
the Bignell and Peoria formations, is highly suscep
tible to hydroconsolidation. Low in situ density 
and presence of montmorillonite as the chief cement
ing agent are two key factors responsible for the 
collapse potential of Kansas loess. The results 
from appropriate laboratory or field tests can be 
used to predict the amount of settlement that can be 
expected. Where severe erosion is present, nearly 
vertical slopes prevail in Kansas silty loess. Total 
stress parameters are used to design loess slopes 
approaching the vertical, and effective stress meth
ods are particularly applicable in dealing with 
saturated loess and with seepage stresses where 
flattened slopes are required. Stabilization and 
compaction of loess represent not only an antisubsi
dence but also an antiliquefaction measure. Consid
eration should be given to proper zoning of areas of 
collapsible loessial soils. 
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Ultimate Bearing Capacity of 
Closely Spaced Strip Foundations 
BRAJA M. DAS AND SAID LARBI-CHER IF 

l..llboratory model tost results for the ultimate bearing e11pacity of two closely 
spaced, rough, shallow, strip foundations resting on sand aro presented. The 
experlmontal resulb are compared with tho existing theory. Tho ultimate 
bearing capacity of foundations Increases with tho decrease of the center-to· 
center spacing; however, tho magnitude of increase is considerably smeller than 
that predicted by theory. 

Numerous theoret.ical and exper imentaL stud.ies of the 
ultimate bearing capacity of isolated foundations in 
homoqeneous and layered soils are available in the 
literature. However, studies of the change in the 
load-bearing capacity of foundations when they are 
closely spaced are relatively scarce . This change 
may be important in some foundation design problems 
such as rest area buildings and mass transit sta
tions. Two questions might arise during the design: 
(a) Bow does the ultimate hearing capacity change 
when two shallow foundations are placed rather close 
to each other? (b) What is the settlement of the 
foundations at ul.timate load as compared with that 
obtained when they are far apart? Stuart (1) pro
posed a theoretical solution for the ultimate bear
ing capacity of two closely spaced, rough, ahallow, 
strip foundationa on sand (see Figure 11 as 

where 

9u • ultimate bearing capacity of each 
foundation, 

y z unit weight of soil, 
B width of foundation, 
q ,. yO, 
D • depth of foundation, 

N9 , NY z bearing capacity factors, and 
aqr ay efficiency factors. 

(1) 

The variation of a and aq with the center-to-center 
spacing (6) of founaations is shown in Figures 2 and 
3. From these figures, it may be seen that for a 
given s oil friction angle (~) the two cloaely 
spaced foundations behave as one from 6/B "' 1 up 
to a given value. This is becauae, at small val.ues 
of A/B, the soil located in between the two foun
dations forma an inverted arch that travels down as 
a unit with the foundation as the load is applied. 
At a value of 6/B "' l , the zone or arching disap
pears, and the syatem behavea as a single unit of 
foundation having a width of 2B. 

Figure 1. Definition of paramoters for the ultimate bearing capacity 
of two closely spaced, shallow foundations as given by Equation 1. 

In this paper some laboratory model test results 
are compared with the theoretical efficiency fac
tors . Also, based on the laboratory results, some 
discuss ion of f oundation settlement at ultimate load 
ia presented. The tests were conducted in the Soil 

Figure 2. Variation of efficiency factor a-y with center-to-center 
spacing of foundations [theo!etical curves after Stuart(!)] . 
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Mechanics Laboratory of the University of Texas at 
El Paso. 

LABORATORY MODEL TESTS 

Laboratory model tests were conducted in a box hav
ing a length, width, and helyht of l.!:i24 m, 0.305 m, 
and 0 . 914 m, respectively. The sand used for the 
tests had 100 percent passing No. 10 sieve, 87 per
cent passing No. 20 sieve, and 2 percent passing No. 
200 sieve. The gra in-si?.e distribution of the sand 
is shown in Figure 4. To conduct the model tests, 

Figure 4. Grain-size distribution of sand used for model tests. 
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sand was poured in 50.8-mm layers in the test box 
and compacted to a unit weight of 15. 88 kN/m1 , 

wh ich gave a relative density of compaction of about 
54 percent. The angle of friction at this unit 
weiqht of compaction was determined from direct 
shear t~sts to be equal to 38 degrees. This relative 
density of compaction was chosen for two primary 
reasons, one of which is the reproducibiJ.ity in the 
model test box . The second reason is to check the 
opinion of some investigators, such as Vesic (~) , 
that interference effect on ultimate bearing capac
ity of shallow foundations may be practically negli
gible when the foundations are located on loose soil 
(i.e., local shear f ailure condition). 

Two model steel foundations measuring 50.B mm x 
304. 8 mm were used for the tests. The ends of the 
model foundations and the sides of the box were 
polished to make them as smooth as possible to keep 
friction resistance to a minimum. Sandpaper was 
glued to the bottoms of these model foundations to 
make them rough. The gradation of the sand on the 
sandpaper was similar to that used for the tests. 
Each model foundat ion was rigidly attached to a 
steel shaft having a diameter of 19 mm. For tests 
on a single foundation, load to the foundation was 
applied through this shaft by means of a hydraulic 
jack. To conduct tests on two closely spaced foun
dations, the steel shafts were rigidly attached to a 
horizontal steel crossbar 50.8 mm x 25.4 mm in cross 
section. Load to the foundation was applied at the 
center of the crossbar. The loads on the foundation 
and the corresponding foundation settlements were 
measured by a proving ring and a dial gauge, respec
tively. 

Model tests were conducted for D/B ratios of zero 
and one, with center-to-center foundation spacinq
to-w.idth ratios (llB) of 1, 1.5, 2, 3, 4, 5, and 6. 
Tests on single isolated foundations (11/B = m) were 
also conducted for D/B ratios of zero and one. After 
each test the sand in the test box was completely 
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emptied and recompacted in layers before the next 
test was begun. 

In all tests the nature of variation of load 
versus displacement plots was similar to the type 
obtained for local shear failure in soils. A typical 
load versus settlement plot obtained from the labo
ratory tests is shown in Figure 5. The ultimate 
load at failure for each test was determined by 
using the criteria proposed by vesic (2). This 
means that the ultimate load in a load-settlement 
plot is defined as the point where the slope of the 
load-settlement curve first reaches zero or a steady 
minimum value. Figure 6 shows the variation of the 
ultimate failure load (<Ju) for all tests conducted. 

For single isolated foundations the bearing ca
pacity factors NY and Nq can be determined as 
follows. 

Nq = [qu(A/B = -, D/B = I) - qu(A/B = -. D/B = o)J /'YD 

Figure 5. Typical load-settlement curves from laboratory tests. 
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Based on Equations 2 and 3 the experimental val
ues o~ NI and Ng were determined to be 91 and 31, re
spective y. Th is value of NY = 91 i s in reasonable 
aqreement wi th the theoretical val ue s of Terzaghi 
(_l) and Caquot and Ker isel ( 4) for a soil friction 
angle of 38 degrees. Howev;r, a comparison shows 
that t hi s experimental value of N is in better 
agreement with the theory given by V~sic (2_) and can 
be expressed as 

Nq = ( e3·8<1' tan ¢ ) tan2 ( 45 + q,/2) (4) 

According to Equation 4, for di = 38°, Nq = 30.1. 
This compares well with the experimental results of 
Nq = 31. 

The efficiency factor a for the closely spaced 
foundations can be determined as 

In a similar manner the efficiency f actor 
be determined from the following equation. 

Cl'q = (qNqaq)/(qNq) = [qu(6./B,D/B = 1)- qu(6./B, D/B = o)J 

7 [qu(L>/B =-, D/B = 1)- qu(L>/B =-, D/B = o)J 

(5) 

can 

(6) 

By using these equations and the experimental 
values given in Figure 6, the experimental varia
tions of the efficiency factors have been calcu
lated. Figures 2 and 3 also show the variation of 
ay and aq• Comparison of the experimental r e s ults 
with the theory shows that, although the na ture of 
variation_ o_f the experimental ay and aq is approxi
mately similar to t hat predicted by theory, their 
magnitudes are considerably smaller than that pre
dicted by theory for 6/B < about 3. Note that the 
value of aq reached a maximum of a bout 1.2 and, for 
all practical purposes, may be as sumed to be equal 
to one. The discrepancy between the theoretical and 
experimen t al v a lues of a and ag may be due to the 
a ssumption of i dea l rigiJ-plastic behavior of soil. 
Also, the theory neglects the self-weight of soil 
<i>· 

Figure 7 shows a nondimensional plot of the foun-
dation settlement (S) at ultimate load against the 
center-to-center spacing of the foundation. Note 
that, although the ultimate bearing capacity of 
model foundations increased with the reduction of 
center- to-center spacing (6), it was accompanied 
by an increased foundation settlement, particularly 
for the range of 6/B < about 4.5. This is potentially 
important for practical design problems where settle
ment normally controls. 

CONCLUSION 

Laboratory model test results for the ultimate bear
ing capacity of two closely spaced, rouqh, strip 
foundations on sand have been presented. The experi
mental results have been compared with the theory 
presented by Stuart (1). Based on this comparison, 
the following conclusi~ns can be drawn. 

The ultimate bearing capacity of two closely 
spaced foundations increases as their center-to-cen
ter spacing decreases. 

The efficiency factors a and aq generall y vary 
only in the patterns predicted by Stuart's t heor y for 
6/B > about 4. For 6/B < about 4, the magnitudes of 

Figure 7. Nondimensional plot of foundation settlement (S/B) against 
the center-to-center spacing of foundations (Ll./B). 
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a~ and aq are considerably smaller than those pre
dicted by theory. 

In soils where local shear failure occurs, the 
value of the efficiency f actor aq is practically 
equal to one for all center- t o- center spacings. 

In these tests, the settlement of foundations at 
ultimate load increased with the decrease of 6/B. 
The se t t lement is expressed by (S/B) 6/B = 1 ~ 
2 1S/B)6/ B ~ 4.5· 
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Ultimate Uplift Capacity of Piles 1n Sand 

BRAJA M. DAS AND DAVID B. ROZENDAL 

Laboratory model test results for determination of the ultimate uplift capacity 
of plies embedded in dry sand are presented. In the tests the unit weight of 
compaction and the embedment ratio were varied. For a given unit of weight 
of compaction, and thus relative density of compaction and angle of soil fric
tion, unit skin friction increases with depth up to a limiting value. Beyond the 
critical depth, unit skin friction remains practically constant. The ratio of 
critical depth of embedment to pile diameter increases with the relative den· 
sity of compaction. The soil-pile friction angle also increases with relative den· 
sity of compaction. Based on the results of the model study and a theoretical 
relation, equations for estimation of the uplift capacity of piles have been sug
gested. These equations are based on tests conducted on a single pile. More 
laboratory and field tests are needed to verify the reliability of the equations 
for design use. 

Numerous studies of the compressive load-bearing 
capacity of piles are available in the literature. 
A similar problem involving the uplift capacity of 
piles subjected to tensile load has received much 
less attention. Pile foundations for structures 
ouch ao tranomiaoion towers and offshore platform& 
are required to sustain uplifting loads. A limited 
number of theoretical and experimental studies of 
the uplift capacity of piles embedded in sand have 
been reported by Das and Seeley <1>• Meyerhof !11]), 
Ireland (_!), and Esquivel-Diaz (~). Sowa (~) sum
marizes similar field studies on concrete piles 
embedded in clay soils. More recently, results of 
laboratory model studies for determination of the 
ultimate uplift capacity of wooden piles in satu
rated clay have been presented by Das and Seeley (7). 

A review of the literature previously cited re
veals that there are several aspects of the problem 
that are not yet clearly understood. The purpose of 
this paper is to review the past theoretical and 
experimental works and to present some recent labo
ratory model test results for the ultimate uplift 
capacity of rough piles in sand. 

REVIEW OF PREVIOUS INVESTIGATIONS 

Ireland (_!) reported the results of six pull-out 
tests in the field for Raymond step taper piles in 
sand. Based on the analy11 ia of these results, he 
proposed an equation for the net ultimate uplift 
capacity of piles: 

P0 =Ka/A,, tan¢ 

where 

net ultimate uplift capacity, 
lateral earth pressure coefficient, 
average effective overburden pressure, 

= surface area of the pile in contact with 
sand, and 
soil angle of friction. 

(l) 

The ultimate uplift capacity (see Figure 1) can 
be defined as 

where 

Pu gross ultimate uplift capacity, and 
W = effective self-weight of the pile. 

(2) 

The average value of K as recommended by Ireland was 

approximately 1.75. For piles of length L at depth 
z with uniform circular cross section (diameter • d) 
and skin friction fin dry sand (unit weight• y), 

av'= rL/2 

A,,= 11dL 

Thus, the net ultimate capacity is expressed by 

P0 = (1.75) (rL/2) (11dL) tan¢= 2.749 rL2 d tan¢ (3) 

In conjunction with his study of the ultimate 
uplift capacity of horizontal anchors subjected to 
oblique loading, Meyerhof (3) proposed the following 
equation for the net ultimate capacity of rigid 
piles subjected to vertical uplifting load. 

(4) 

whPrP. Kb = uplift coP.fficient that is a function of 
the soil-friction angle (~) and the embedment ratio 
(L/d). The variation of Kb with the soil-friction 
angle and the embedment ratio (L/d) is shown in 
Figure 2. 

Esquivel-Diaz (,l!) reported several uplift tests 
performed in the laboratory. The tests were con
ducted with model aluminum pipe piles with an out
side diameter of 76. 2 mm. The outside surface of 
the piles was roughened by coating with sandpaper. 
A summary of the results of his tests is given in 
Table 1. 

Figures 3 and 4 show the plots of the ultimate 
uplift load against embedment ratios as given in 
Table 1 for dense and loose sand, respectively. For 
preliminary comparison purposes, Equations 3 and 4 

Figure 1. Parameters for ultimate uplift capacity of piles. 
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Figure 2. Variation of uplift coefficient, Kb, with soil;friction angle (~). 
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Figure 3. Comparison of test results of Esquivel-Diaz (~) with Equations 
3 and 4: dense sand. 
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are also plotted in Figures 3 and 4. Based on these 
plots, the following observations may be made. 

1. For dense sand, Equation 3 yields substan
tially lower values of ultimate load at any given 
value of L/d. 

2. For dense sand, Equation 4--that is, the 
equation proposed by Meyerhof--gives excellent 
agreement with the experimental results. 

3. For very loose sand, both Equations 3 and 4 
yield values of ultimate load that are too high. 
Note, however, that the equation given by Ireland 
was developed for steel taper piles made most likely 
of corrugated steel. The pile tests conducted by 
Esquivel-Diaz were with straight-shafted steel piles 
coated with sandpaper. 

Another theoretical equation for the ultimate 
uplift capacity of piles has also been proposed by 

Figure 4. CompariSOl\.Of test results of Esquivel-Diaz (~) with Equations 
3 and 4: loose sand. 
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Meyerhof <1>· According to this equation, the ulti
mate capacity can be expressed by 

P0 = K0 a/A, tan ll 

where 

Ku uplift coefficient, and 
6 = angle of friction between the soil and the 

surface of the pile. 

I 

(5) 

The terms ov and As are as defined in Equation 1. 
For circular piles, Equation 5 takes the form: 

P0 = K0 (rL/2)(11dL) tan ll = (11/2)K0 rdL2 tan ll (6) 

The variation of the values of Ku with the soil
frict ion angles is given in Figure 5. Equation 6 is 
similar to Equation l; however, Ku is determined 
theoretically as compared to the experimenta l value 
of K. The angle ~ in Equation 6 will depend on 
several factors, the most important of which are (a) 
the soil-friction angle, 67 (b) the relative density 
of compaction, Dr; and (c) the roughness of pile sur
face. This will be discussed later. 

Equation 6 essentially is the sum of the fr ic
t ional resistance developed along the pile surface or 

z=L 
P0 = / (11'd)fdz (7) 

1 - 0 

where f is the unit skin friction at a depth z. So 

f = rzK0 tan ll (8) 

LABORATORY MODEL TESTS 

Uplift capacity tests in the laboratory were con
ducted with a wooden pile 25.4 mm in diameter and 
0. 61 m long. The outside surface of the pile was 
roughened by applying glue to the pile and then 
rolling it over the sand used for the tests. The 
pile was allowed to dry for several days before the 
tests. Questions might arise about whether gluing 
might negate the influence of friction between pile 
and sand, but it is doubtful that this will occur. 
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Table 1. Laboratory uplift tests on model piles as reported by Esquivel-Diaz (§_) . 

Average Unit 
Weight of 

Sand Compaction, "f 
Compaction (kN/m3

) L/d 

3.0 
3.0 

Dense l 5.03 4.5 
4.5 

10.0 

1.5 
3.0 

Loose • 12.81 4.5 
6.0 

10.0 

Note: Diameter of pile= 76.2 mm. 

Figure 5. Variation of Ku with soil-friction angle (~). 
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The model tests were conducted in a box measuring 
0.61 m x 0.46 m x o. 76 m. A dry silica sand was 
used for the model tests. The sand had 99 percent 
passing No. 20 sieve, 55 percent passing No. 40 
sieve, and O percent passing No. 200 sieve. With 
the model pile located centrally, the sand was 
poured into the test box in layers 25.4 to 50.B mm 
thick and compacted to the desired unit weights and 
heights. A steel cable 3.18 mm in diameter was 
attached to the top of the pile. Th is cable, in 
turn, was attached to a lever arm type arrangement. 
The steel frame that conta i ned the lever arm was 
attached rigidly to the top of the test box. For 
some tests in dense sand, the cable was replaced by 
a steel rod 6.35 mm in diameter. Step loads were 
applied at the other end of the lever arm and de
flection monitored by a dial gauge. The lever arm 
ratio was 1 to 1. 5. Three series of tests were 
conducted, and the details of the test parameters 
are given in Table 2. 

Table 2. Details of the test parameters. 

Relative Triaxial Angle 
Unit Density of of Friction at 

Series Weight:\"! Compaction, Dr Test Density, </> 
No. L/d (kN/m) (%) (degree) 

l 4 to 24 14.81 21.7 31 
2 4 to 24 15.79 47.6 34 
3 4 to 24 16.88 72.9 40.S 

Po 
(N) 

241.97 
253.09 
698.40 
689.40 

4,132.20 

5.78 
31.14 
57.83 

117.43 
269.55 

Angle of 
Friction,</> 
(degree) 

43 

33 
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Approximate 
Relative 
Density, D, 
(%) 

75 

13 

The ultimate uplift load obtained from the labo
ratory tests is shown in Figures 6 and 7. 

ANALYSIS OF TEST RESULTS 

The average skin friction that contributes to the 
resistance against upl i ft force between depths L = 
L1 to L = L2 can be given by the relation 

(9) 

The value of skin friction evaluated by Equation 9 
may be assumed to be the representative skin fric
tion at a depth z = (L1 + L2)/2. Using the net 
uplift capacity from two consecutive tests in a 
given series, the values of the experimental skin 
friction for all three series of tests have been 
evaluated and are shown in Figures B and 9. Figure 
8 is the plot of the results for test series I and 
II. The variation of skin friction as calculated 
from the results of Esqu i vel-Diaz (.?_) for the case 
of loose sand is a1·so plotted. The variation of 
skin friction of test series III, along with those 
obtained by Esquivel-Diaz 12) in dense sand, is 
shown in Figure 9. 

From the variation of the skin friction f in 
Figures B and 9, it can be seen that 

1. The skin friction, in all cases, increases 
from zero to a certain critical depth. Beyond the 
critical depth, skin friction remains; almost con
stant. 

2. The nond imensional critical embedment ratio, 
(L/dlcr• increases with the relative density of 
compaction. 

3. For the tests in dense sand made by Esquivel
Diaz, the critical embedment ratio could not be 
determined because the tests were not extended far 
@nough. 

In order to formulate a tentative procedure for 
the estimation of net ultimate uplift capacity, it 
was assumed that Equation 8 can be used for 0 ~ 
L/d ~ (L/dlcr· Using the proper value s of the 
soil-frict i o n angle a nd the uplJ.ft coe f fic i e nt qiven 
in Figure 5, the values of 6 were back-calculated 
for all experimental test series. The variation of 
6/~ obtained from these calculations is plotted 
in Figure 10 with the corresponding relative density 
of compaction. Note that, in arrivinq at Figure 10, 
the theoretical Ku values have been assumed to be 
correct and the values of 6 /~ are deduced quan
tities. 

The procedure adopted here for the determination 
of the approximate critical embedment ratio, (L/dlcr• 
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Figure 6. Net ultimate uplift load for series I and II tests. 
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is shown in Figure 11. The critical embedment ratios 
in Figures 8 and 9 were determined in this manner 
and are plotted in F igure 10 against correspond ing 
relative densities. From these plots, it appears 
that an approximate equation can be formulated as 

(L/d)er = 0.1 380, + 4.5 (for D, .;; 80%) (JO) 

TENTATIVE PROCEDURE FOR ESTIMATION OF UPLIFT CAPACITY 

Based on the observations made during the model 
tests, it appears that the uplift capacity of the 
model piles can be reasonably estimated by the fol
lowing steps for Dr 2 80 percent. 

1. Estimation of the critical embedment ratio 
using Equation 10. 

2. For L 2 Lcr 
L 

P0 = J (rrd)(")'ZKu tan8)dz= ~7rd")'L2 Ku tan8 (!!) 
0 

The values of Ku and can be obtained from 
Figures 5 and 10. 

3. If L > Lcr (Figure 11), 

L Lcr 
P0 = J (rrd)fdz = J rrd(")'zKu tan 8)dz + 1Td"YLe,Ku tan 6 (L- Le,) 

0 0 

= ~7rd")'L~, Ku tan 8 + 1Td"YLerKu tan 6 (L- Le,) (I 2) 

APPLICATION TO FIELD CONDITIONS 

The results are in teresting ; however, the uplift 
capac ity estimation procedur e g iven in Equations 11 
and 12 is based only on this model test. Therefore, 
it is not recommended for immediate use in the field 
because 

1. The depth beyond which the unit skin friction 
remains constant is highly dependent on the critical 
embedment r atio. The estimation g i ven in Figur e 10 
is base d only on tes t s cond uc t ed f or a pi.le o f a 
single diamet er . Results of f u tu re investiga tions 
should be compared with the p r e sen t fi ndings . Future 
tests should be conducted in both the field and the 
laboratory. 

2. The method used to place sand in the present 
tests differs from that used in the field. This may 
affect the values of (L/d) er and o. Without suf-

ficient large-scale field test results, the problem 
cannot be confidently resolved. 

Questions may also arise when piles are driven 
below the groundwater table. For example, the sur
face tension effect may tend to increase the gross 
ultimate uplift capacity. However, in our opinion, 
this should not be taken into account because it is 
unpredictable. 

CONCLUSIONS 

Laboratory model test results for determination of 
the ultimate uplift capacity of piles in sand have 
been presented. Based on these results, the follow
ing conclusions can be drawn. 

1. The unit skin friction, 
and the piles increases in an 
manner up to a critical depth. 
depth, the unit skin friction 
constant. 

f, between the soil 
approximately linear 

Beyond the critical 
remains practically 

2. The critical embedment r a tio , (L/dlcr• as 
determined from these tests , inc rease s with relative 
density of compaction up to about 1. 5 for Dr 2 
80 percent. 

3. Based on the limited test results, equations 
for the prediction of ultimate uplift capacity have 
been developed. Before they are applied to field 
design problems, these equations may need to be 
modified to reflect the results of additional field 
and laboratory tests. 
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Fi~Jre 7. Nat ultimate uplift load for series Ill tests. 
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Figure 10. Plot of li/¢ end IL/dl0 , against relative density of compaction. 
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Analysis of a Spiling Reinforcement System 1n 

Soft-Ground Tunneling 
S. BANG 

An investigation of a spiling reinforcement system used for stabilizing tunnels 
is presented. The system is composed of a series of radially installed reinforcing 
spites placed around the perimeter of the tunnel heading before excavation. 
This system provides immediate stabilization of an opening as well as permanent 
stabilization. It has been successfully used for tunneling in weak rock formations 
and, to a lesser oxtont, in soft grou nds. To date, no rational design methodology 
has been formulated because no reasonable analytic method of analysis has been 
suggested. A generalized plane strain composite finite-element analysis, which 
uses the proper simulation of the excavation and reinforcement to calculate 
three-dimensional stresses and displacements while the finite-element grid 
remains in two dimensions, is presented. The effects of tho reinforcement, the 
incli nation, and the spacing of the spiles on the performance of the systom 

have been analyzed with the proposed method. The ground surface move· 
ments are used to calculate the vertical and horizontal distortions that are 
directly related to damage to buildings located above the tunnel. 

A spiling reinforcement system has been successfully 
used in tunneling to strengthen weak rock formations 
as well as other soft grounds (1). The system typi
cally consists of a series of radially installed 
15- to 20-ft reinforcing spiles spaced from 2.5 to 5 
ft with an inclination angle of approximately 30 
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degrees to the tunnel axis. The reinforcing spiles 
are formed by inserting r e bars 1 to 1.5 in. in diam
eter in predrilled holes with subsequent grout. 
Figure l shows a schematic representation of the 
system. The general principle is to stabilize a 

Figure 1. Spiling reinforcement ahead of the face. 
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weak mass by installing an annular spiling rein
forcement network along the perimeter of the tunnel 
heading before excavation. The reinforcing network 
is extended into the in situ ground both radially 
and longitudinally; therefore, the tunneling opera
tion is always performed inside a tubular reinforced 
zone encirclinq the tunnel opening. 

It has been reported (1) that the use of this 
scheme helps control both -the immediate stabiliza
tion of an opening by preventing loosening and the 
permanent stabilization by restricting deformations. 
To date, a rational design methodology has not been 
formulated nor has a reasonable analysis procedure 
been offered. A method of analysis together with 
results obtained from the analysis for a spiling 
reinforcement system in soft-ground tunneling are 
presented here. 

METHOD OF ANALYSIS 

In formulating a method of analysis, it is important 
to take into consideration the tunnel excavation 
process and the soil-reinforcement composite be
havior. These factors, which greatly influence the 
performance of the spiling reinforcement system, 
favor the use of finite-element analysis. 

A generalized plane strain finite-element method 
has been developed to investigate the detailed be
havior of the spiling reinforcement system. The 
generalized plan strain condition assumes three 
nonzero displacement components, none of which is 
dependent on the out-of-plane coordinate; thus the 
out-of-plane strain remains zero, and the displace
ment does not remain zero, which is commonly the 
case in the conventional plane strain approach. This 
approach was chosen because the conventional plane 
strain approach cannot effectively capture the out
of-plane behavior of the incli ned spiling reinforce
ment, and a full three-dimensional an~lysis may be 
prohibitively expensive and time consuming. The 
main advantage of the generalized plane strain ap
proach is that it calculates three-dimensional 
stresses and displacements while the finite-element 
grid remains in two dimensions. A brief description 
of the element stiffness matrix formulaton in a 
generalized plane strain condition follows. 

The total virtual work is defined as 

II N 
oV= ~ oV.= ~ (oU.-liW.)=O 

e=l e=l 
(!) 

where N is the number of elements and ~ue and ~We are 
the element virtual internal energy and external 
work, respectively. With an incremental material law, 
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/:;a= C lie - - - (2) 

where 60 and 6£ are vectors of small changes in 

stresses and strains and the constitutive matrix C is 

dependent on current stress state and history, the 
element virtual internal work is written incremen
tally as 

(3) 

Using the incremental constitutive law, one can write 

ot:.U.=J oeTct:.e dV0 Ve ..... ...., ,..,. (4) 

Because the displacement components in generalized 
plane strain are independent of the coordinate in 
the out-of-plane direction, z, i.e., 

u = u(x ,y) 

v = v(x ,y) 

w = w(x,y) 

the strain components become 

~ = {au/ax, av/oy, 0, au/oy +av/ax, aw/ax, aw/ay r 

(5) 

(6) 

Using linear approximation of displacements, the 
three displacements at each node of the quadrilat
eral element can be approximated as 

4 
u = :E Niui 

i=l 

4 

w= i~l Niwi (7) 

where ui, vi, and wi are approximate nodal displace
ments and Ni is the first-order shape function. 

From Equations 6 and 7 the strain component along 
x direction can be calculated as 

e = ilu/ax =(a/ax) ( l N1u·) = ~ F·u· (8) 
X 1=1 1 1=1 I I 

where Fi = aNi/ax. 
s imilar'ly, one can obtain 

4 

'YXY = i~l (Giul + Fivi) 

4 

')'XZ =it! Fiwi 

4 

yyz = it! Giwi (9) 

where Gi = 3N1/ay. 
The strain- displacement relationships can be 

written as 

(10) 

where 6~e is vector of nodal displacement increments. 
Equation 4 can then be rewritten as 

MUe = f v. [(~li'!.e? ','..(~!:;~.)] dVe 

(11) 

where the element tangent stiffness matrix K is ex

pressed as 
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~=Iv. ~Tf ~ dV. (12) 

Here 

FT 0T 0T 

0T GT 0T 

0T 0T QT 
B= 

GT FT 0T 
(13) 

0T 0T FT 

.Q,, 0T GT 

where FT = {F1 , F2 , F3, F4} and GT = {G1, G2, G3, 

G4 }. Thus a 12 x 12 element tangent stiffness 
matrix can be obtained, 

COMPOSITE ELEMENT 

The composite representation of the reinforced sys
tem used in this analysis is an expansion of the 
approach developed by Romstad et al. (~), which 
expresses the orthotropic composite material prop
erties as functions of the properties of each of the 
constituent materials (i.e., the soil mass, the 
reinforcing members, and their geometric arrange
ment). 

This approach is based on the concept of the unit 
cell, an isolated small unit of the material that 
completely exhibits its composite characteristics. 
The average values of the stresses distributed over 
the cell faces are equal to the stresses in the 
equivalent composite material, and the average 
values of strains for the cell are those of the 
composite. Thus the average response of the unit 
cell to a homogeneous state of composite stress or 
strain is the same as the composite response of the 
material. Therefore, the desired composite prop
erties may be calculated from detai led consideration 
of the behavior of the unit cell. These composite 
properties may then be used in the analysis of the 
complete structure. Such as analysis yields the 
composite stress and strain throughout the struc
ture. Once the composite stress state is determined 
at a particular point in the structure, the corres
ponding constituent stress state (e.g., soil or 
spile) may be determined by returning to the analy
sis of the unit cell. 

A schematic representation of the unit cell is 
shown in Figure 2. The composite material consists 
of a soil reinforced with spiles parallel to one 
another at a chosen spacing, S, and extending deep 
into the soil mass. The 1-axis in Figure 2 is chosen 
parallel to the spile and the 2- and 3-axes form a 
plane perpendicular to the longitudinal axis of the 
spile, where the 2-axis passes through the center of 
the tunnel. For a given reinforcing pattern, all 

Figure 2. Unit cell. 

z 
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spiles in a given 1-2 plane are assumed to be 
equally spaced. 

The basic composite properties defining the 
stress-strain relationship were calculated by 
Romst.ad et al. ~) by successively considerinq a 
number of simple composite stress-strain states and 
approximately determining the response of the unit 
cell. The constitutive relationship in global coor
dinates can be obtained by considering two succes
sive general two-dimensional axes rotations de
scribed by Mohr's circle relations (see Figure 3). 

SHOTCRETE LINING 

To prevent soil fall-out, a thin shot.crete lining 
may be used immediately after excavation and before 
installation of a permanent lining. The shotcrete 
lining was considered to be a flexible membrane 
element with no bending stiffness. Figure 4 shows a 
general membrane element with a thickness, t. This 

Figure 3. Coordinate transformation of unit cell. 

(a) 

(b) 

Figure 4. Membrane element representation. 
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I 
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MEASURED FROllll MIDDLE 
OF THE ELEMENT 

approach was chosen because the shotcrete lining is 
relatively thin and no separate representation of 
the lining in the fin ite-element grid is necessary 
in this approach. The resulting stiffness matrix of 
the membrane element can be added directly to that 
of the soil e lement adjacent to the lining. 

Assuming cry', TX'y', and TY'z' are zero, 
the stress-strain relationship reduces to 

[

ax· ] [C1 1 
a,• = Cu 

1"x•i • 0 0 

0] ["x' J o e, · 
C33 rx -.· 

(14) 

Taking the x' and z' displacements at any point as 
u' and w', respectively, 

Ex'= au·;ax· 
€z• = 3w'/3z' = 0 

'Yx'z' = (au·;az•) + (aw•/ax•) = aw·;ax· (15) 
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are obtained. Note that the generalized plane strain 
condition is applied. 

Because x' = x0 + ~(1/2) (from Figure 4), 

a;ax' = (o/o~)(o~Ox') = (2/Q)(o/o~) 

Also 

u' = [(1/2) u1(1- m + [(1 / 2) u'.z(l + m 
= (1/2) lM + u\) + ~(u2 - ui)J 

The nodal displacements are expressed as 

uf ;::; ui cos8 + v1 sin8 

vf = -ui sin8 + Yi cosO 

W{ ;:Wi 

(16) 

(17) 

(18) 

for i = 1, 2, where u, v, and w are the nodal dis
placements with respect to the x, y, and z coordi
nates. Substituting Equations 15 into the element 
virtual internal work expression, the following 
element stiffness matrix is obtained. 

S11 S12 0 -Su -S12 0 

S12 S22 0 -S12 -S22 0 

0 0 S33 0 0 -S33 
K= 

-Su -S12 0 Su S12 0 
(19) 

-S12 -S22 0 S12 S22 0 

0 0 -S33 0 0 S33 

where 

sll (t/R.) ell cos2 0 
S12 ,. (t/l) ell cose sine 
S22 • (t/l) ell sin2 0 

and 

S33 = (t/l) C33 

INCREMENTAL ITERATIVE PROCEDURE 

A finite-element computer program incorporating the 
previusly mentioned features was developed. The 
construction and excavation process was simulated by 
a two-step incremental procedure. The first incre
ment computes the initial stress state of the whole 
soil mass simulating in situ soil condition. This 
increment results in the development of stresses 
only (i.e., displacements are reset to zero). The 
second increment handles installing the spiles and 
excavating the tunnel as well as the construction of 
the shotcrete lining. 

Within each increment, the nonlinear soil prop
erties are accounted for by an iterative solution 
procedure using a nonlinear soil model developed by 
Duncan and Wong (3) . This model assumes that the 
soil does not experience any stress- or strain-in
duced anisotropy (i.e. , soil behavior is described 
by the instantaneous value of Young's modulus depen
dent on the stress state). A hyperbola is assumed 
to represent the stress-strain relationship for 
primary loading, and a straight line is assumed for 
unloading and reloading. A constant Poisson's ratio 
of 0.3 was used because the expressions for initial 
and tangent Poisson's ratio do not include the ef
fect of unloading. 

To improve the rate of convergence in the itera
t i on process, a modified estimate of the soil mod
ulus was used . For iteration n this value was ex-
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pressed in terms of the calculated modulus and the 
modulus from the previous iteration, n - 1. That is, 

E•(n) = rE(n) + (1 - r)E(n-l) (20) 

where r is a relaxation factor. Because the con
vergence was oscillatory, a study was conducted to 
obtain the factor that gives the minimum number of 
iterations to be solved in the finite-element analy
sis. A factor of 0.7 was found. Using this under
relaxation factor, the solution usually converged 
within 4 to 8 iterations for each increment. 

RESULTS 

To understand the spiling reinforcement system in 
soft-ground tunneling, an investigation has been 
performed using the developed computer program. The 
investigation was limited to the study of a hori
zontal, single, circular tunnel with all spiles 
having the 'same axial and circumferential spacing 
and the same inclination angle along the entire 
circumference of the tunnel. Figure 5 shows the 
typical finite-element grid used in the study. The 
pertinent soil properties adopted in the study are 
given in Table 1. 

Figure 5. Typical finite-element grid. 

ROLLER BOUNDARY 

Table 1. Pertinent soil properties (!I. 

Loading modulus 
Unloading modulus 
Modulus exponent 
Failure ratio 
Cohesion (psi) 
Friction angle (0 ) 

Poisson's ratio 

8SM is silty sand. 

bCL is clay with low plasticity . 

Soils 

No.1 
(SM8

) 

200 
330 
0.6 
0.7 
2.778 
33 
0.3 

120 
198 
0.45 
0.7 
2.083 
30 
0.3 

SPILE 
REINFORCED 
ELEMENTS 

60 
153 
0.45 
0.7 
0.694 
30 
0.3 

The main variables considered were the depth of 
the tunnel center (HJ, the spacing (S), and the in
clination of the spiles (a). Both the diameter of 
the tunnel and the length of the spiles remained 
constant at 20 ft. These values were chosen because 
the diameters of the tunnels used in Washington, 
D.c., Metro1 Frankfurt1 Sao Paulo; and San Francisco 
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were in the range of 18 to 21 ft (4) and, for the 
soil region farther than one radius- from the open
ing, any increase in strength related to the pres
ence of the reinforcement is small ( 5). (Note that 
spiles equal in lengt.h to the diamete~ of the tunnel 
with 30 degree inclination form a reinforced zone 
one radius from the tunnel opening.) The reinforcing 
spiles consisted of 1-in. -diameter rebars in 4-in. 
predrilled holes filled with grout. A brief descrip
tion of the results o.btained from the analysis fol
lows . 

Generally, there is a dramatic reduction in de
formations when the spiling reinforcement system is 
used. Figure 6 shows a comparison of the tunnel 
deformations for unreinforced and reinforced tun
nels. Quantitative comparisons of the deformation 
are given in Table 2. It is obvious that the use of 
spiling reinforcement reduces the crown and bottom 
movements of the tunnel by approxima·tely 87 percent 
and 48 percent, respectively:. A similar reduction 
in vertical ground surface movements is shown in 
Figure 7. The reduction may be as great as 90 per
cent of the unrein.forced case. 

To evaluate the stability of structures located 
above or adjacent to the tunnel, vertical and hori
zontal distortion.a were calculated and compaced. 
The vertical distortion is de:fined as the differen
tial vertical movement between two points divided by 
the distance separating them. The horizontal dis
tortion is defined in a similar manner for the dif-

figure 6. Deformation of the tunnel. 

Soil No. I 
H = 50 ft. 
s = 5 ft . 

a= 30° 

1
1.0in. 

l__!;Oi n . 

Displacement Scale 
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1 
I 

Figure 7. Vertical ground surface movement. 
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ferential horizontal movement. These parameters 
have been used to describe the possible damage 
potential of various types of structures <i-!QJ . 
Figure 8 shows the distribution of the vert ical 
distortions for unreinforced and reinforced tunnels. 
Maximum vertical distortion of 1.25 percent results 
for the unreinforced tunnel, whereas only 0 .12 per
cent is observed for the r einforced tunnel--a 90 
percent reduction . According to Bjerrum (11), 
cracking in panel walls is to be expec·ted if ver
tical distortion exceeds 0.33 percent. Similar 
reductions are observed in maximum horizontal dis
tortions (i.e., 0.79 percent and 0.065 percent, 
respectively). According to O'Rour ke et al. (12), 
0.3 percent is the threshold value of horizontal 
distortion causing architectural damage in buildings. 

The relative significance of the spile inclina
tion angle to the performance of the system can be 
seen in Figure 9, which shows the resulting deforma
tion of the tunnel due to differen t angles of spile 
inclination. Note that different scales are used 
for the tunnel and the disp_lacement. An angle of 
spile inclination of approximately 30 degrees to the 
tunnel axis produces the least movement at the 
crown, the bottom, and the side of the tunnel. This 
finding can be further confirmed by comparing the 
ground surface distortions. The results indicate 
that an inclination angle of 30 degrees produces 
approximtely 30 percent less vertical distortion 
than an inclination angle of 40 degrees and approxi
mately 5 percent less than an i nclination angle of 
20 degrees. 

The effect of the spile spacing, a measure of the 
reinforcing intensity, has also been studied. A 
summary of the tunnel deformations obtained with 
different spile spacings is given in Table 3. The 
reduction in crown movement is much larger than the 
reduction in bottom movement, and the rate of im
provement increases as spile spacing is reduced. The 
effect of spile spacing is even more pronounced in 
reducing the ground surface settlement. For in-

Table 2. Reduction of tunnel deformation spiling reinforcement 
in soil No. 1 (H = 50 ft). 

Crown 
Bottom 

Unreinforced 
(in.) 

-4.439 
1.4 

Reinforced 
(in .) 

-0.5734 
0.7214 

Figure 8. Vertical ground surface distortion. 
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stance a reduction of 34 percent in surface settle
ment above the tunnel center can be achieved by 
reducing spile spacing from 4 ft to 2 ft, whereas 
approximately 29 percent and 6 percent reduction in 
crown and bottom movements are expected. Generally, 
the effP.ct of spile spacinq on the performance of 
the system, including tunnel deformations and ground 
surface movements, is much greater in weaker soils. 
Even though the effect of spile spacing is smaller 
in stronger soils, the reinforcing effect is still 
remarkable when the behavior of the reinforced sys
tem is compared with that of the unreinforced system. 

The location of the potential failure surface was 
estimated by observing the variation of the maximum 
shear strains obtained from three-dimensional 
strains. A typical maximum shear strain distribution 
is depicted by the contours in Figure 10. The po
tential failure surface was approximated by connect
ing the highest maximum shear strain points. This 
indicates that the potential failure surface passes 
more or less through the side of the tunnel and 
propagates upward forming a circlelike curved sur
face as shown in Figure 10. The potential failure 
surface may be approximated in the design of the 
system by a series of straight lines or a continuous 
curve. 

CONCLUSION 

An investigation of a spiling reinforcement system 
used in soft-ground tunneling is described. A gen
eralized plane strain finite-element anaiysis has 
been developed to calculate the three-dimensional 
stresses and displacements while the finite-element 
grid remains in two dimensions. From the information 
obtained from the analysis, effects of the rein
forcement, the inclination, and the spacing of the 
spiles on the performance of the system have been 
discussed and quantified. 

The developed method of analysis can be used for 
the calculation of tunnel and ground surface move
ments under various field conditions (e.g., soil 
type, tunnel depth, inclination and spacing of the 
spiles, and tunnel d iameter). The i:esults can then 
be used for the design of the spiling rei.nforcement 
system. An appropriate spile spacing can be chosen 
from the results to ensure that the deformation 
characteristics of the system can be kept within 
acceptable bounds-. Because the method of analysis 
produces three-dimensional displacements, the out
of-piane nirection displacement can be included in 
the calculation of the ground surface distortions. 
Figure 11 is an example that indicates the variation 

Figure 9. Tunnel deformation for different spile inclinations. 
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Figure 10. Contours of maximum shear strain. 

POTENTIAL 
FAILURE SURFACE 

1.0 

3.0. 

2 .0 

----1---+--+----t SOIL No. I 

1. 0 

Figure 11. Variation of ground angular distortion. 
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Table 3. Tunnel deformation with different spile 
spacings in soil No. 3 (H c 50 ftl. 

Spile Spacing 
(ft) 

5 
4 
3 
2 

Crown (in.) 

-2.37 
-2 .29 
-2.19 
-J .65 

Bottom (in.) 

1.78 
1.76 
l.74 
1.65 

of ground surface angular distortion, a measure of 
combined vertical distortion in three dimensions. 
Angular distortion can be obtained from 

Angular distortion= (l/L)(lllly2 + tu5~)y, 

where 

distance between nodes, 
differential vertical displacement, 
and 

66z = differential out-of-plane dis
placement. 

(21) 
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The developed method of analysis was intended to 
capture the most essential character is tics involved 
in the spiling reinforc ement system in soft-ground 
tunneling without resor t i ng to three-d ime nsional 
grids. However, the validity of the developed method 
of analysis remains to be tested. Furthe r res ear c h 
should be done in areas such as field instrumenta
tion a nd mon i t oring o~ prot otype s ystems o r large
scale c entrifuge model testing. I n th i s way the 
validity and effectiveness o f the developed analytic 
methods can be checked and extended. 
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Compactive Prestress Effects in Clays 

ALBERT OiBERNARDO AND C.W. LOVELL 

The load-deformation behavior of natural clays is strongly influenced by the 
geologic maximum past pressure. If such clays are excavated and manipulated 
before compaction, the geologic effect is largely lost. However, the compaction 
process establishes a new prestress value, and the ratio of this prestress to the 
effective normal stress in a compacted fill forms a new overconsolidation ratio 
(OCR). If the material and compactive prestress values are held constant in a 
moderately high embankment, the OCR values range from quite high at lesser 
depths to unity in lower embankment locations. Consequently , the nature of 
the shearing and compressibility responses varies considerably with position in 
the embankment. Laboratory studies have been conducted on both compacted 
shales and clays to demonstrate the empirical prediction of the prestress value 
and its relative effect on saturated compressibility and undrained shear be· 
havior. The prestress varies with the nominal compaction pressure and its rate 
of application, as well as with the material and its water content. This value is 
predicted from the conventional oedometer test on the as-compacted material. 
When the compacted materials are soaked at a variety of confining pressures, 
which si mulate differing embankment posi!lons, the volume changes are highly 
dependent o n the major compaction variables and the prestress. To achieve a 
homogeneous and predictable load-deformation response in major embank· 
ments, it is necessary to better understand and control the prestress effected by 
compaction. The research discussed here was conducted to examine the com· 
pressibility behavior of a laboratory-compacted soil in the as-compacted and 
soaked condition. A highly plastic residual clay and a kneading type of com-

paction were used . To determine the as-compacted compressibility characteris
t ics, the compacted samples were trimmed to appropriate size and incre
mentally loaded in the oedometer. Of particular interest was the value of 
compactive prestress. 

Early hypotheses concerning compaction of fine
g rained soils explained the compaction process in 
terms of a predominant infl uence of individual clay 
particles (or clusters) . Mo re recently, the role of 
agglomerations or peds of clay particles has been 
emphasized. 

BACKGROUND 

Compac t i o n Hypothe ses 

Barden and Sides <.!> attempted to relate the engi
neering behavior of compacted clay to its fabric. 
Photomicrographs of the fabric of two clays revealed 
that the main difference between samples compacted 
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at different moisture contents was at the larger 
size levels. Observations revealed an apparently 
homogeneous fabric wet of optimum and 3-mm to 6-mm 
diameter pelletlike macropeds dry of optimum. These 
findings led to the following general analysis of 
the compaction process. 

•At low compaction moisture contents the low dry 
density is caused by the presence of large air
f illed macropores• (,!, p. 1195). In addition, the 
macropeds, or clusters of clay particles, are able 
to resist the compaction pressure without much dis
tortion. As the water content is increased, the 
macropores become filled with soil (easy slippage) 1 
the result is an increase in density. As the water 
content is increased further, the water layers in
crease in thickness, and the aggregates, easily 
distorted, fuse together making them indistinguish
able. This, in turn, decreases compacted density (1). 

Hodek (2) explained the characteristics and engi
neering behavior of a compacted soil in terms of a 
deformable aggregate model. He concluded that this 
model is appropriate to use in interpreting swell 
and compaction characteristics of a laboratory 
static compacted kaolinite. His theory of the com
paction process is similar to that of Barden and 
Sides. 

According to Garcia-Bengochea (j), pore-size 
dietribution mcasurement11 for compacted cl11yR have 
also provided strong evidence for a deformable ag
gregate model. Re cites Bhasin (4) who found that 
as tile compactive effort increaseS: the fraction of 
pores on the dry side of optimum decreases, whereas, 
on the wet side, the distribution remains the same. 
These findings are of interest because they directly 
affect compacted clay permeability, which, in turn, 
directly affects the rate of compressibility of· com
pacted clay. 

Hodek and Lovell (5) have proposed a model that 
explains the achievem--;;nt of compacted unit weight 
for the laboratory static compaction of kaolinite. 
They propose that the initial soil fabric of the 
as-molded soil (before compaction) is that of aggre
gations of different size and water content. The 
size and distribution of these aggregates play an 
important role in the compaction process; that is, 
densif ication is associated with the decrease in 
interaggregate void ratio due to translation and 
rotation, the deformation of aggregates into the 
shape of available voids, and the reduction of in
tra -agg.t'egate voids. Accordingly, the type of com
paot i.on and the aggregate-eize distribution eetab
lish the fluid and continuity condition within the 
mass, and, once the air voids are no longer inter
connected, little densification occure regardless of 
the input effort. Hodek and Lovell (5) aleo intro
duce the concept of net energy imparted to the soil 
during the compaction procese. It was found that 
the net energy required to obtain different condi
tions on the eame moisture-density curve is in
versely proportional to the aggregate size1 un
complicated mathematical models were developed to 
show this relationship. 

Compressibility Characterietics 

During the compaction process, the soil experiences 
the load for only a short time. The energy supplied 
in this short period is received by the soil skele
ton, as an intergranular etress, and the pore 
fluids, as a pressure in each of the phases. Upon 
completion of the process, there is an induced pre
stress in the soil; this prestress may or may not be 
equal to the compaction pressure. According to 
Abeyesekera ~). it is this value of compactive 
pres tress that is important with respect to com
pacted clay behavior. 
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Woodsum (]) defined compactive prestress as anal· 
ogous to the preconsolidation pressure of a natural 
soil; specifically, the apparent pressure effect 
caused by the compaction process. Lambe (8) sim
ilarly defined compactive prestress but i'ealized 
that its value was affected by other factors, 
namely, time and chemical changes. For the purposes 
of this study, the compactive prestress will be de
fined as the precompression pressure, in terms of 
total stress, that has been induced in the soil as a 
result of the compaction process and is determined 
on an as-compacted oedometer specimen directly after 
compaction. 

To determine compactive prestress Woodsum (7) 
statically compacted Fort Union clay and Mississippi 
loess directly in oedometer rings, allowed the soil 
to come to equilibrium with water under an applied 
load, and performed the conventional oedometer test: 
The data showed that as the confining pressure (P~) 
remained constant and, as the compaction pressure 
(Pel increased or the initial void ratio (e0 ) de
creased, the value of prestress increased. Moreover, 
the data suggest that although the value of pre
stress increased with increasing compaction pres
sure, the prestress ratio (Ps/Pcl, which is similar 
to the overconsolidation ratio for saturated soils, 
varied slightly not increasingly as might be ex
pected. This may mean that, for a given compaction 
p.rocess and type of soil, the efficiency of the pro
cess does not increase with increasing effort. 

Abeyesekera (_!) determined the prestress induced 
by the kneading compaction of a shale material. The 
material was compacted at pressures ranging from 345 
kN/m1 to 1380 kN/m1 (50 to 200 psi) and loaded 
in the as-compacted condition, either incrementally 
in the oedometer or at constant rate of strain. The 
elapsed time for each oedometer load increment was 
10 minutes--the same loading time used by Yoshimi 
and Osterbert (,2). The estimated prestress was 
determined in terms of total stress from the void 
ratio-log pressure curve using the Casagrande con
struction. 

In the seven tests performed, Abeyesekera ~) 

found the prestress values and the prestress ratio 
to range from 345 kN/m2 to 865 kN/m1 (50 to 126 psi) 
and 0.49 to l.O, respectively. The ratio range is 
greater than Woodsum's (0.1 to 0.2). The difference 
in ratio range may be attributable to the differ
ences between kneading and static methods, shale and 
clay, unsoaked condition and soaked condition, 
either singly or in combination. However, some in
teresting correlations can be made with Abeye
sekera' s results. 

Table 1 summarizes the .results of other investi
gators who were concerned with the compressibility 
of compacted materials but not specifically with 
compactive prestress. If only the data related to 
soils are examined, it can be seen that static com
paction methods are the most efficient with respect 
to induced prestress. Seed, Mitchell, and Chan (10) 
examined the effect of the difference in compaction 
method on the undrained shear strength of compacted 
clay; they found that static compaction resulted in 
smailer shear strains, lower pore water pressures, 
and higher strength values ·at low strains and that 
kneading compaction resulted in larger shear 
strains, higher pore water pressures, and lower 
strength at low strains. This appears to be a rea
sonable explanation of differences in statically 
induced prestress and prestress induced by kneading 
methods. 

EXPERIMENTAL APPARATUS AND PROCEDURE 

The soil used in this study was obtained from Perry 
County, Indiana. It will hereafter be referred to 
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Table 1. Compaction pressure and prastress 1.!!l. 

Compaction Prestress Pres tress 
Pressure Dwell Time Values Ratio 

Investigator Material Compaction Mode [Pc (psi) ] (sec) [P, (psi)] (P,/Pc) 

Cambell (1952) Bituminous concrete Static 2,500 60 15(}-210 0.06-0.08 
Y osMmi and Osterberg (1963) .Silty clay Static (20 psi/min) 94 280 94 1.00 
Mishu (1963) Residual clay Kneading (30 blow/min) 95 I 36.1 0.38 

125 l 36.l 0.29 
170 I 55 .6 0.33 

Abeyesekera (1978) Shale aggregate Kneading (30 blow/min) 50 I 50 1.00 

as St. Croix clay. The St. Croix clay is medium 
gray-brown at its natural. moisture content. It is 
classified as a fat clay (CH) and falls within the 
AASHTO c lassification of an A-7-6 material. 

The kneading method of compaction was selected 
f or use in this study f or two reasons: (a) The com
paction characteristics obtained are comparable, fo~ 

the same soil, to those obtained by sbeepsfoot- and 
pneumatic-type rollers on actual earthen embank
ments, and (b) the degree of uniformity with respect 
to moisture content and de.nsity is greater than that 
of other methods. 

The soil was compacted in 5 approximately equal 
layers at a rate of 30 tamps per minute per layer. 
Between layers, the top surface \ifSS scarified to 
ensure compacted mass homogeneity. A constant com
paction pressure was maintained throughout the pro
cess1 the value was based on moisture-density rela
tions for the impact method. The results and 
implications of this procedure will be discussed 
lat.er. 

Typically, density and water content are the 
prescribed elements in an end-result approach and 
are based on results obtained by the laboratory 
impact method. It was therefore considered appro
priate to use the impact moisture-density relations 
as a base reference f or the kneading method . 

The moisture-density curves for t he three basic 
impact energy levels used are shown in Figure 1. 
Each energy level. is characterized as follows . 

1. Low-energy Proctor-304.B mm (12 in.) drop, 
24.SN (5.5 lb) rammer, 3 layers, 15 blows per layer. 

2 . Standard Proctor--304. 8 mm drop, 24 . SN ram
mer, 3 layers, 25 blows per layer. 

3. Modified Proctor--457.2 nun (18 in.) drop, 
44.SN (10 lb) rammer, 3 layers, 25 blows per layer . 

The compaction assembly and procedure were as speci
fied in AASHTO T990701 however, fresh samples were 
used for each point on the curve. 

A series of kneading compaction tests was per
f ormed on the St. Croix clay using different compac
tion pressures. For each pressure a moisture-density 
relation was obtained for a range of moisture con
tents between 4 percent wet and dry of optimum. 
These relations were correlated approximately t o the 
three impact levels to select a kneading compaction 
press11re that would produce the same densities at 
equivalent water contents. 

A fixed-ring consolidation cell was used l n this 
study; it wil l be referred to as a n •oedometer• in 
subsequent discussions. The oedometer ring was 63.5 
mm (2.50 in.) in diameter, 2. 54 mm (1 in.) in 
height, and 19 .1 mm (0. 75 in.) in wall thickness. 
Following a seating load adjustment period (typi
cally 10 min), the applied pressure on the compacted 
sample was increased , using a load increment rat io 
(LIR) of o.s to 15.2 , 22.6, 34.0, 49. 5, 76 . 5 kN/m 2 , 

and so on until the prestress value for the partic-

100 I 68-74 0.68-0.74 
200 I 98-126 0.49-0.63 

Figura 1. Moisture-density·energy relations for impact method (11). 
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ular sample could be well defined. The duration of 
each l oad was 10 minutes 1 dial readings were typi
cally recorded at O, 0.1, 0.5, 1, 2, 4, 8, and 10 
minutes. 

The 10-minute load duration criterion was based 
principally on the fi ndings of Yoshimi <W. To 
determine what load i ncrement ratio to use for the 
as-compacted compressi on test , it was dec i ded that 
the following requirements should be met. 

1. A large portion of the compression must take 
place within 10 minutes. 

2. As few loads as possible should be used, to 
limit moisture loss by evapora tion. 

3. The prestress val.ue should be accurately 
defined using the Casagrande cons truction. 

If an LIR = 1 were used, the f irst a nd second re
quirements would be satisfied; however, the third 
requ irement might no t be , based on the results .of 
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Leonards and Girault (13 ) for determining the pre
consolidation value for-Saturated soils. If an LIR = 
O.l or 0.2 were used, the third requirement would be 
satisfied , but the first and second requirements 
would not be (!£). Ideally , a load increment ratio 
equal to actual field loading conditions should be 
used1 however, this ratio is dependent on a ylven 
application and may be difficult to determine. An 
LIR 0.5 was chosen because it most suitably 
matched the requirements. 

RESULTS 

As-Compacted Compressibility 

The compaction variables used to characterize each 
as-compacted compressibility test sample are defined 
as follows. 

1. Water content (w,%)--the avei:age of the as
compacted moisture determinations. 

2. Dry density (Yd• kN/m')--the dry density of 
the oedometer sample computed from its unit weight, 
water content (w), and volume. 

3. Compaction pressure (Pc, kN/m2 )--the maximum 
dynamic kneading foot pressure applied during com
paction, expressed nominally. 

The other computed variables were initial degree or 
saturation (Sr 1 %) and initial void ratio (e 0 ). 

Both were calculated from the firs t and second vari
ables just defined. 

The compaction water contents ranged between 4 
percent wet and dry of optimum and were based on the 
results of the impact method. Thirty-two as-com
pacted compressibility tests were performedr the 
values of the previously defined compaction var i
ab1es are listed in Table 2. I.n this table and in 
subsequent discussions the sample number characters 
are defined as follows : L, S, M represent the com-

Table 2. Initial compaction variables for as·compacted compressibility 
samples (:!j }. 

Sample 
No. 

LO! 
LD2 
LD3 
LO! 
L02 
L03 
LW2 
LW3 
SD4 
sos 
SD9 
SDlO 
$03 
SOB 
S09 
SOll 
S012 
S013 
S016 
SW2 
SW3 
SW4 
SW6 
SW7 
SW8 
MDI 
MD2 
MO! 
M02 
MW! 
MW3 
MW5 

Water 
Content 
(%) 

20.60 
20.60 
20.51 
23.26 
23.85 
24.27 
27.94 
26.98 
18.95 
19.38 
19.59 
19.37 
12.37 
21.71 
21.21 
21.65 
22.32 
22.67 
22.68 
25.38 
25.71 
25.05 
24.72 
24.87 
24.71 
14.67 
13.96 
16.20 
15.71 
19.59 
19.74 
19.57 

Dry 
Density 
'Yd (kN/m3

) 

13.97 
14.85 
14.27 
15.74 
15.77 
14.91 
14.88 
14.82 
15.26 
14.62 
15.06 
15.65 
15.76 
15.78 
15.99 
15.72 
16.15 
16.25 
15.97 
15.24 
15.13 
15.42 
15.64 
15.38 
15.68 
18.31 
17.65 
l 7.97 
18.10 
16.99 
16.87 
16.86 

Compaction 
Prcssu.re 
Pc (kN/m2

) 

460 
525 
426 
426 
558 
683 
525 
657 
788 
788 
788 
788 
657 
657 
657 
814 
788 
762 
762 
722 
722 
722 
722 
722 
722 

3191 
3071 
2905 
2735 
2466 
2439 
2466 

Degree of 
Saturation 
S,(%) 

59.77 
65.26 
62.15 
80.14 
89.62 
80.68 
92.47 
88.42 
66.40 
61.82 
66.58 
71.87 
80.61 
82.02 
82.70 
81.12 
89.20 
92.92 
88.18 
88 .67 
88.27 
89.80 
91.49 
88.66 
92.08 
82.10 
70.23 
85.90 
85 .10 
87.85 
88.05 
87.18 

Initial 
Void Ratio 

0.9649 
0.8838 
0.9240 
0.8126 
0.7451 
0.8423 
0.8460 
0.8544 
0.7990 
0.8770 
0.8238 
0.7545 
0.7423 
0.7411 
0.7180 
0.7473 
0.7066 
0.6905 
0.7202 
0.8014 
0.8155 
0.7810 
0.7565 
0.7854 
0.7514 
0.5003 
0.5565 
0.5281 
0.5168 
0.6243 
0.6277 
0.6285 
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paction condition corresponding to the equivalent 
low-energy, standard Proctor, and modified Proctor 
impact leve1s, respectively. o, o, or W represent 
dry, at, or wet-of-optimum conditions, respectively1 
and l, 2, ••• , and so forth represent the sample 
number for that condition. For example, the sample 
designated MDl is the fir"~ sample compacted to a 
dry of optimum condition using an equivalent modi
fied Proctor kneading compaction pressure. 

Figure 2 shows the ef.fects of incr·easing water 
content and degree of saturation on compressibility 
behavior for samples compacted to equiva1ent stan
dard Proctor conditions. As may be inferred , there 
is a marked difference in the compressibility be
havior for wet- and dry-side samples depending on 
the range of consolidation pressure considered. 
That is, in the low-pressure range, the wet-side 
sample is more compressible than the dry-side sam
ple, whereas in the high range the opposite is true. 

Lambe (..!!_,.!!> explained this behavior in terms of 
compacted c.lay structure, colloidal chemistry , and 
soil-particle rearrangement. Rowever, more recently, 
Hodek and Lovell ( 15) examined this behavior in 
terms of pore-size distribution, pore-size magni
tude, and deformable aggregate theory. Based on 
supporting evidence <.~.11. •!fil, their explanation can 
be stated as follows. 

.1. Dry-side compressiblllly--the poroo ore typi
cal1y large and numerous: the clay aggregates are 
shrunken, hard, and brittle: compressibility is 
governed by the collapse of large pores under 
straining. 

2 . Wet-side compressibility--the pores are small 
and numerous: the clay aggregates are swollen and 
plastic; compressibility is governed by the fusing 
of aggregates under load. 

I.n view of this explanation, a dry-side sample 
would compress less in the low-pressure range due to 
the large intergranular fo.rces resulting from the 
many well-developed menisci. However, on loading, 
these forces are overcome, and the brittle aggre
gates displace into adjacent pores. Consequently, a 
large amount of compression occurs because of the 
large amount of available interaggregate pore s.pace. 
On the other hand, a wet-side sample compresses more 
in the low-pressure range because of the smaller 
number of developed menisc i (high degre·e of satura
tion) and less in the higher range because of the 
re1atively sma11 number of large interaggregate 
pores. 

Figure 3 shows the effect, of increasing compac
tion pressure on the compressibility behavior of 
samples compacted near optimum. The slope of the 
curves within the respective high-pressure ranges 
becomes steeper (i.e., increasingly more negative) 
with decreasing compaction pressure. With respect 
to the structural models previously discussed, this 
suggests that for dry-side samples the magnitude and 
frequency of the large pore mode decreases with 
increasing compaction pressure. 

Compactive Prestress 

The results presented in the previous section illus
trate compressibility behavior within specific 
ranges of applied pressure. However, an important 
characteristic not considered is the value of com
pactive prestress. Clearly, its value could be 
useful in design, because the compressibility be
havior of the mass may be different at embankment 
confining pressures above and below this value. 
That is, each specific value of compactive pre
stress, as determined in the manner presented in 
this section, is the approximate pressure value 
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Figure 2. Effect of moisture content on compressibility (standard Proctorl (!!I. 
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Figure 3. Effect of compactive effort on compressibility (near optimuml (1!). 
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below and above which low-range compressibility 
behavior and high-range compressibility behavior, 
respectively, occur. 

The val ue o f c ompactive prestress (Psl and the 
pres t r ess ra tio (Ps/Pcl for each of the thirty
two a s - compacted compressibility test samples are 
listed in Table 3. Each value of compactive pre
s tress was determined from its corresponding e-log p 
curve using the Casagrande approximation commonly 
employed for determining the most probable precon
solidation pressure for saturated soils. In the 
strictest sense, its use may be unjustified. How
ever, the current state of the art is such that 
little is known of the fundamental relationships 
governing unsaturated compression. 

Figure 4 shows the values of compactive prestress 
plotted a t t he i r respec t i ve values of water content , 
dry de nsi'ty , and equ i val e nt i mpact effort level. 
The 87 per cent satura tion curve was arbitrarily 

selected and plotted in this figure and, for the 
purpose of this discussion, will be referred to as a 
means of separating wet and dry compaction con
ditions. 

From Figure 4, the following general conclusions 
may be drawn with respect to prestressing capacity. 

1. For dry of optimum cond i tions (Sr < 87%): 
(a) At a given equivalent impac t effort level, as 
the water content increases, the value of compactive 
prestress decreases. (b) As the equivalent impact 
effort increases, the value of compactive prestress 
also increases. 

2. For wet of optimum condit ions (Sr > 87%): 
(a) At a given equiva·lent impact e f fort level, the 
capacity for prestressingr is small and remains vir
tually unchanged with increasing water content. (b) 
As the equivalent impact effort level increases, the 
capacity for prestressing is virtually unchanged. 



fable 3. Values of compactive prestress and pre stress ratio ID). 

Compactive Compaction Prest ress Degree of 
Sample Pre stress Pressure Ratio Saturation 
No. [P, (kN/m2)] [Pc (kN/m2)] (P,/Pc) [Sr(%)]" 

LOI 290 460 0.63 59.8 
LD2 315 525 0.60 65.3 
LD3 220 426 0.52 62.2 
LOI 185 426 0.43 80.1 
L02 155 588 0.26 89.6 
L03 85 683 0.12 80.7 
LW2 76 525 0.14 92.5 
LW3 72 657 0.11 88.4 
SD4 505 788 0.64 66.4 
SD8 470 788 0.60 61.8 
SD9 490 788 0.62 66.6 
SDIO 500 788 0.63 71.9 
S03 410 657 0.62 80.6 
SOB 340 657 0.52 82.0 
S09 235 657 0.36 82 .7 
SOll 105 814 0.13 81.1 
S012 95 788 0.12 89.2 
S013 105 762 0.14 92.9 
S016 125 762 0.16 88.2 
SW2 95 722 0.13 88.7 
SW3 135 722 0.19 88.3 
SW4 80 722 0. 11 89.8 
SW6 160 722 0.22 91.5 
SW? 90 722 0. 12 88.7 
SW8 55 722 0.08 92.1 
MOl 830 3191 0.26 82.1 
MD2 1120 3071 0.36 ·10.2 
MO! 1030 2905 0.35 85.9 
M02 1100 2753 0.40 85.1 
MW! 85 2466 0,03 87.9 
MW3 86 2439 0.04 88.l 
MW5 150 2466 0.01 87.2 

3 The degrees of saturation were rounded to the nearest tenth. 

This suggests that at dry-side water contents, 
prestressing capacity is largely affected by compac
tion water content and compaction pressure. In 
addition, compactive prestress is little affected by 
water content and compaction pressure for initially 
wet samples. Finally, for the range of saturation 
considered in this study, the pres tress ratio is 
always less than one, which may indicate that not 
all of the energy delivered is achieving densifi-
cation. 

In this connection, it is important to realize 
that the compaction pressures reported here are only 
nominal pressures 1 that is, they are the pressures 
expended by the kneading compactor during thP. com
paction process. Therefore, the actual prestress 
ratios (i.e., compactive prestress/effective com
paction pressure) are more than likely greater than 
the values presented here. 

statistical Correlations 

The predictive models presented here were developed 
using the Statistical Package for the Social Sci
ences (SPSS) procedural programs on Purdue Univer
sity software. It should be mentioned that any best 
model isolated by these programs is highly dependent 
on the procedure used, and an equivalent model may 
not be established given another set of procedures. 

The first phase of the isolation process involved 
plotting the independent variables against the de
pendent variable. This was facilitated using the 
SPSS procedure SCATTERGRAM. If the scatter plots 
showed a linear relationship, the independent vari
able was considered highly correlated with the de
pendent variable. If a linear trend was not found, 
the independent variable was considered statisti
cally insignificant. 

The next step was to isolate a subset of the 
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Figure 4. Prestress values (kN/m21 for as·compacted compressibility tests (1!). 
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independent va r iabl es considered highly correlate(! 
wi th the dependent variable, so that an optimal 
expression with as few variables as pos sible could 
be e s tablis hed. This wa s achieved using t he auto
matic SPSS search procedure STEPWISE. This proce
dure combines a forward inclusion of independent 
variables already in the model at each successive 
step. In addition, it conducts a sta tistical test 
to screen out any independent variable that is too 
highly correlated with the independent variables 
already in the model. 

The final step of the isolation process was to 
obtain the best estimated prediction model from the 
subset of independent variables isolated by the 
STEPWISE procedure. This was done using the SPSS 
procedure REGRESSION [developed by Nie, et al. 
(17} J. Various regression equations were obtai ned 
using different combinations. From these, the pro
c edure for selecti ng the best model was based on the 
following statistical criteria. 

1. For the overall mult~ple regression equation, 
(a) The coefficient of multiple determination (R2 ) 

is greater than 0.65; that is, at least 65 percent 
of the variation must be explained by the variables 
included in the model. (b) The adjusted coefficient 
of multiple determination (R' a> must increase 
with each additional independent variable entered in 
the model. (c) The overall F-test at the ci .. 0.05 
s ignificance level must be met. (This tests for 
mult iple linear ity of the model.) 

2. For the partial regression coefficients, (a) 
'l'he F-test for each partial regression coefficient 
at the a .. 0.05 significance level must be met. 
(This tests whether an independent variable should 
be dropped from the model.) (b) The coefficients of 
partial de termination (ri.jk) are signific.ant. 
(c) The 95 percent confidence limit f o r each bi is 
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small and does not cross zero. [This restriction is 
similar to (a) .J 

3. For the computed residuals, (a) 'l'he scatte·r 
plots of the residuals versus the ind.ependent vari
able (s) show normal constancy of variance ti:ends. 
(b) The residuals are normally distributed random 
var !ables; that i s, the va.lues of ek/MSE (residuals 
divided by the error root mean square) must cange 
between ±3 . 

When all criteria were suitably met by more tban 
one model, the model, with the fewest variables was 
selected, provided there was no appreciable diff er
ence (Le., less than· 5 percent) in either of the 
R' or R'a values. 

Based on the foregoing, the following prediction 
model was selected for compactive pres tres s (P 8 ) • 

P, =-343.13- 0.0020w2·Pc+48.91 Pc1i 2 

where 

P8 ~ estimated value of compactive pre
stress in kN/m2 , 

interaction term between water content 
(\) squared and compaction pressure 

pl/2 
c 

( kN/m'J , and 
the square r oot of compaction pres
sure (kN/m 2 ) 112• 

The Rt value was 88 perce nt. I n addition, all of 
the other statistical criteria were suitably met. A 
graphic representation of th is relationship is pre
sented in Figure s. 

As shown in this figure, for a given water con
tent the estimated compactive prestress i ncreases 
with increasing compaction pressure. Woodsum <.2> 

Figure 5. Prediction of compactive prestress (!1). 
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and Abeyesekera (6) obtained similar results. Also, 
for a given compaction pressure an increase in water 
content is accompanied by a decrease in compactive 
prestress . More clearly, at a given effort level, 
an increase in water content reduces prestressin9 
capacity . 

The relations shown ln Figure 5 are not entirely 
applicable for the values of water content and com
paction pressure plotted. Rather, they are applica
ble only for a joint region of observations1 that 
i s, the region covered by both independent variables 
(18). Neither model can be used with confidence in 
design until the results presented here are corre
lated with results for field-compacted samples of 
the same soil. Such research is currently in proq
ress at Purdue University. 

CONCLUSIONS 

The experimental and statistical results of this 
study lead to the following conclusions. 

1 . For an increasing water content and equiva
lent impact level, the as-compacted compressibility 
behavior was in agreement with the results presented 
by Wilson (19), Lambe (..!!_), and Wahls et al. 1.W • It 
is believed that this behavior can be explained in 
view of more recent evidence <111?. 1 15) concerning 
compacted clay macrostructure. 

2 . Dry of optimum, the value of compactive pre
stress decreased with increasing water content and 
increased with increasing equivalent impact effort 
level. Wet of optimum, the value o f compactive 
prestress was not influenced appreciably by varying 
the i nitial compaction variables. 

3. For the range of partial saturation con
s idered , the ratio of compactive prestress to 
nominal compaction pressure was less than unity. 
This ratio tended to decrease with increasing 
initial degree of saturation. 

4. The best predictive model for compactive 
prestress was isolated using the SPSS procedures 
SCAT'l'ERGRAM, STEPWISE, and REGRESSION . The proposed 
model was statistically valid and accurate. 
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