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Abridgment

Plate Load Tests for the West Papago /I-10
Inner Loop in Phoenix, Arizona

GAY D. JONES and WAYNE A. DURYEE

ABSTRACT

The proposed West Papago/I-10 Inner Loop freeway will have extensive reaches of
retaining wall structures. Many of the walls will have footings within the
desiccated silty clay, sandy clay, and clayey sand overburden and will be ex-
posed to wetting by normal runoff and automatic watering systems. The maximum
presumptive bearing pressure for the overburden soils would rarely exceed 1.5
trillion ft? in accordance with local practice. The Arizona Department of
Transportation and the FHWA authorized the conducting of plate load tests to
investigate the feasibility of increasing the allowable bearing pressure. A
small test fill was constructed with the overburden material compacted to 95
percent of maximum dry density as determined by the modified compaction test.
Tests were then performed on the compacted fill as well as on the wetted fill.
Additional tests were performed on natural ground in the existing and wetted
conditions. Load-settlement curves were analyzed and the resulting ultimate
loads were used as a basis for selecting design bearing values for shallow
spread footings founded within the overburden. Significant increases in allow-
able bearing values will result in more walls being designed for shallow soil

bearing spread footings with considerable savings in construction costs.

The proposed I-10 Inner Loop freeway in Phoenix is
primarily a depressed roadway and will have exten-
sive reaches of retaining wall structures along the
freeway and at the I-10 and I-17 interchange. Many
of the walls will have footings within the desiccated
overburden where bearing areas will be subject to
flooding or wetting from normal runoff and automatic
watering systems. Locally, the maximum bearing value
for walls in the overburden rarely exceeds 1.5 tril-
lion ft?. Plate-bearing tests were authorized by
the Arizona Department of Transportation and the
FHWA to determine the feasibility of utilizing higher
bearing values. This paper contains a description of
the: soil conditions, load test program, analysis of
test results, and selection of allowable bearing
values for use in retaining wall foundations.

SITE CONDITIONS

The test site, as shown in Figure 1, is underlain by
16 ft of desiccated, alluvial fan materials comprised
mostly of clayey sand, sandy clay, and silty clay.
These soils are characteristic of the surficial
soils of downtown Phoenix, and are often highly
stratified and moderately~to-strongly calcite-ce-
mented, and contain scattered gravel and calcareous
concretions. These materials have been arbitrarily
grouped and termed "overburden" for this project.
The overburden has particle sizes and Atterberg
Limits characteristic of cohesive materials and have
a Unified Classification of SC, CL, and ML. when
undisturbed, segmental liner samples are subjected
to consolidated, undrained direct shear tests, phi
angle, ¢, of 10 to 70 degrees and unit cohesion,
c, of 0.06 to 0.7 trillion ft? are common. Directly
beneath the overburden, there is a thick, dense layer
of sand-gravel-cobbles (S-G-C) with random boulders
up to 24 in. Ground water is generally 50 ft or more
below ground surface.
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FIGURE 1 Location map.

PREPARATION OF SITE

The location for the bearing test on natural ground
was prepared by removing the upper 2 ft of overburden
to permit identification of buried footings, utility
trenches, and to ensure that the bearing plate was
in undisturbed soil.

In the fill test area, the natural ground was
stripped of vegetation and deleterious materials,
the subgrade scarified, moisture conditioned, and
compacted to 95 percent of maximum density as deter-

mined in accordance with the ASTM standard on
modified compaction (ASTM D 1557). The adjacent
overburden borrow area was "disced" and moisture-

conditioned; borrow was picked up and placed with a
self-loading scraper. The fill was leveled into
uniform loose lifts of 8 in. and compacted with a
self-propelled sheepsfoot roller. Placement of the
£fill was visually monitored and field moisture-
density testing performed to confirm compaction to
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95 percent of maximum dry density as determined by
the Modified Compaction Test. The completed fill was
approximately 8 ft high, with a 40 x 40-ft top and
side slopes of 4:1. The plate load test site plan is
shown in Figure 2.

LOAD-SETTLEMENT MEASUREMENTS

A reaction system capable of applying a 40-t test
load was selected, and consisted of a W24 x 104
steel beam. A triangular anchor scheme provided for
efficient handling of the beam for adiacent testing
(see Figure 3). Anchors consisted of 24-in. straight-
sided, drilled shafts.

/\@/— ANCHOR RODS
/ \

& / \ TEST LOGATIONS

24" ANCHOR SHAFT

FIGURE 3 Anchor shaft layout.

Immediately before seating the bearing plate, the
bearing surfaces were hand=Lleinmwed, with  [inal
leveling accomplished by a dusting of silica sand.
The steel bearing plate was l-in. thick and 24-in.
in diameter, and was reinforced with from one to
three 12- and 18-in., diameter plates. Loads were
applied by a manually operated 60-t hydraulic jack
fitted with a calibrated pressure gauge. A ball-and-
socket joint was positioned between the jack and
reaction beam to provide a uniform load application.

Plate settlement was measured by three, 2-in.
travel dial gauges positioned 120 degrees around the
plate and 1l-in. from the edge. Three additional dial
gauges were set at 1l-ft centers outside the edge of
plate to measure movement of the ground surface dur-
ing loading. All gauges were fixed to a 2 x 3-in.
steel tubing beam supported on both ends at a dis-
tance of 11 ft from the center of the bearing plate.
The test setup is shown in Figure 4.

For the inundated tests, flooding of the test
area was used to wet the soil beneath the plate. A
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FIGURE 4 Plate load test setup.

6-in. high soil berm was constructed around the
plate in a 6 x 6-ft area and filled with water.
Wetting was aided by four, 4-in. diameter borings, 5
ft in depth, drilled radially 4 ft from the center
of the plate. The borings were filled with silica
sand. Flooding was maintained for 24 hr and ponded
water removed just before commencing loading.

PLATE LOADING PROCEDURE

Plate loading was in general accordance with the
provisions outlined in ASTM Standard D1194, Bearing
Capacity of Soil For Static Load on Spread Footings.
Selected load increments were applied to the plate
and maintained for a minimum of 15 min. Loads were
added until the 40-t capacity of the load frame was
reached or until the total settlement of the plate
exceeded 10 percent of the plate diameter, or 2.4
in. Following the last load increment, the load was
released and rebound measurements taken. Intermediate
load-unload cycles were necessary in some instances
to adjust equipment and provide additional jack
extension.

ANALYSIS

The plate settlements recorded for the four tests
were used in developing load-settlement plots. Final
settlement for each load increment was selected by
averaging the final settlement readings for the
three dial gauges. The plots of load versus total
settlement are shown in Figure 5 for the two tests
on compacted overburden fill and in Figure 6 for the
two tests on natural ground.

Interpretation of the load-settlement curves
involves identification of the failure point, or
ultimate load at which the loaded plate causes a
bearing capacity failure of the supporting soil. In
the case of a general shear failure, the failure
point is theoretically clearly definable as a peak
or high point in the curve. However, for punching or
local shear conditions, there is seldom a sharp
break in the curve and the failure point is usually
difficult to determine (1).

A peak load point was not clearly identifiable on
any of the four load-settlement curves. Among the
methods reviewed for interpreting plate load test
plots, the Semi-Log Plot-Intersecting Tangents method
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FIGURE 6 Load-settlement curves—natural ground.

was determined to provide the clearest definition of
interpretation and thus selected as the preferred
method. In this method, the loads are plotted to a
log scale and the settlement to arithmetic scale.
The ultimate load is defined by intersection of two
tangents, one to the initial portion of the curve
and one to the outer straight-line portion. The
semi-log plots and interpretation are shown in Fig-
ures 7 and 8. Evaluation of ultimate load values and
their relationship to thc anticipated behavior of
full-size footings is dependent on several factors,
including soil type and conditions, plate size, and
confinement of the plate, which are directly related
to the individual load tests (2).

The scattering of soil shear strength test data

and the plate load test procedure resulted in the
assumption that the soil be considered to have only
cohesive strength. Local shear failure was assumed
to occur as the plate was observed to punch into the
soil without displacement of the adjacent soil sur-
face as would normally be expected in a general
shear failure condition (3).

In analyzing the ultimate load test values and
solving for soil shear strength, or cohesion, the
following basic bearing capacity equation was con-
sidered as best representing the shear failure con-
ditions for the test performed (4):

Quit = N + ¥Dg Ng + 1/2y BN (1)

Y
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where for the case of a plate loaded at the surface
on cohesive soil for local shear conditions

Ne 2/3 (5.7) = 3.8, (2)

D¢ = 0, and

NY=0'

Therefore,
Qult i CNc or 3.8c.

By using the cohesion values delermined from the
load tests, the allowable bearing pressures were
computed, with the following assumptions:

1. Noninundated conditions apply to all footings
embedded 4 ft or more below final constructed grade.

2. Inundated conditions apply to all footings
embedded less than 4 ft below the final constructed
grade.

3. A factor of safety of 3 should be used in
developing bearing pressures in order to limit set-
tlement of full-size footings to tolerable amounts,
and to provide adequate Factor of Safety against a
bearing capacity failure. Evaluation of settlement
for expected full-size footings when considering
settlement proportional to footing width indicates
settlements within reasonable limits.

4. For cohesive soil, since N, = 0, the width of
footing is not considered to affect bearing capacity.

The cohesion values were utilized in the basic
bearing capacity equation assuming general shear
failure for actual spread footings. Allowable bear-
ing pressures were calculated for the predetermined
conditions. Average footing depths were used because
allowable bearing pressures did not vary signifi-
cantly for the normal footing depth range expected.
The resulting allowable hearing presgures are given
in the following table.

Allowable
Bear ing
Pressure
Condition (trillion £t?)
Natural Ground, Noninundated
(De > 4 ft) 2.0
Natural Ground, Inundated
(Dg < 4 ft) 1.3
Compacted Fill, Noninundated
(Df > 4 ft) 3.0
Compacted Fill, Inundated
(De < 4 ft) 1.9

These values were recommended as maximum allowable
bearing pressures for use in the design of soil-
bearing spread footings in overburden.

CONCLUSIONS

Based on the performance of 24-in. diameter plate
load tests on compacted overburden £fill and natural
ground overburden, the following conclusions may be
drawn:

1. A peak load point was not clearly identifi-
able on any of the four load settlement curves that
would easily define an ultimate load. The Semi-Log,
Intersecting Tangents Method of Interpretation was
selected as the preferred method for determining
ultimate load values.

2, A simplified analysis procedure based on the
test conditions was used to evaluate the ultimate

e
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load values and develop conservative allowable bear-
ing pressures for compacted £ill and natural over-
burden materials.

3. The consideration for inundation of shallow
spread footings was addressed in the program with
the establishment of noninundated conditions to
apply to all footings embedded 4 ft or more below
final constructed grade. Inundated conditions apply
to all footings embedded less than 4 ft below final
constructed grade.

4. The proposed allowable bearing pressures
developed from the 1load test program were higher
than the locally accepted values. Providing these
allowable bearing pressures as design criteria to
the project design consultants is expected to result
in more uniformity in foundation design and con-
siderable cost savings to this project.
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Prediction of Axial Capacity of Single Piles in Clay
Using Effective Stress Analyses

ANDREW G. HEYDINGER and CARL EALY

ABSTRACT

This paper contains a description of research conducted on piles in clay. A
finite element program was used to compute the state of stress in the soil
around piles. The formulation accounts for the effects of pile installation and
soil consolidation, updating the effective stresses continuously in a step-wise
manner. The results of an approximate elastic solution were compared with the
finite element solution. The two solutions were used to derive expressions for
the effective radial stress after consolidation. A predictive procedure was
developed that uses the effective radial stress to calculate the side resistance

of piles in clay.

Investigators have attempted to determine the state
of stress around piles in clay in order to estimate
side frictional capacity (1-11). To this end, the
state of stress in the soil is updated from the in
situ condition to the conditions immediately follow-
ing pile installation and soil consolidation, and at
pile failure. The purpose of this paper is to de-
scribe the results of two computer solutions tor the
effects of pile installation, and to propose a design
procedure for axially loaded piles in saturated
clays for bridge foundations and other structures.
CAMFE is an acronym for Cambridge finite element,
a program developed at the University of Cambridge

(12). It uses a one-dimensional finite element
formulation to determine the pore pressure and

stress changes that occur during pile installation
and soil consolidation. For this investigation, an
elasto-plastic model was used to represent the soil.
The results obtained from CAMFE for the pore pres-
sure and stress changes resulting from installation
are similar to those obtained from a c¢ylindrical
cavity expansion theory (13) for an elastic, per-
fectly plastic material. The consolidation phase of
the formulation is completed assuming that water
flows outward only radially. Thus, as with the cavity
expansion procedure, plane stress conditions exist.



The other solution that was used is referred to
as VECONS (5). It uses cylindrical cavity expansion
theory to model pile installation and and an ap-
proximate elastic solution to model consolidation.
For the consolidation process, it is assumed that
the soil modulus varies from the pile surface to a
predetermined distance from the pile. Thus, it is an
acronym for Variable-E-Consolidation. The solution--a
modification of a solution proposed by others (14)--
allows anisotropic soil stiffness to be input for
the radial and circumferential stiffnesses to better
physically represent the effects of pile instal-
lation.

To develop the predictive procedure, comparisouns
were made between the two analyses. On completion of
the comparisons, a parametric study was conducted
using the two programs to predict the state of stress
in the soil after consolidation for a number of
conditions. The results of the analyses are shown as
the radial effective stress after consolidation
normalized by the undrained shear strength. The
radial effective stress after consolidation is then
used to predict side capacity using the correlations
between radial stress and side capacity (15-16).

DESCRIPTION OF CAMFE AND VECONS

As already mentioned, CARMFE is a one-dimensional
finite element program that uses an elasto-plastic
soil model. The elasto-plastic soil model uses a
volumetric work-hardening plasticity formulation to
represent the soil behavior during yielding. Plastic
vielding occurs when the yield criterionm is met. The
yield criterion, which is referred to as the modi-
fied Cam-clay soil model (2), specifies an elliptical
yield surface when plotting the deviator stress
versus the mean normal stress.

Pile installation is modeled assuming that soil
is expanded radially from a finite radius to a larger
radius. The authors of the program have shown that
the stresses and excess pore pressures after expan-
sion are equivalent to those obtained from cylindri-
cal cavity expansion, when the initial radius is
doubled (2). At the end of installation, there is a
zone of soil around the pile that has failed in
shear, which then reaches a state referred to as the
critical state (17). The resulting stresses and
excess pore pressure after installation then become
the initial conditions for the consolidation process.

Consolidation occurs when the excess pore pres-—
sures around the pile dissipate. The assumption that
radial consolidation occurs results in conditions in
which the radial stress is the maximum principal
stress and the vertical and circumferential stresses
are the minimum principal stresses. At the end of
consulidation, the ratio between the vertical and
circumferential stresses and the radial stress is
equivalent to the at-rest lateral earth pressure
coefficient for normally consolidated soil. Thus,
the soil yielding that occurs during installation
causes the soil to behave as a normally consolidated
soil. After consolidation, the soil is not at the
critical state.

VECONS was written for use in modeling pile in-
stallation effects (5). Plane strain cylindrical
cavity expansion theory is used to determine the
pore pressure and stresses immediately after instal-
lation. For cylindrical cavity theory, it is assumed
that the soil behaves as an elastic, perfectly plas-
tic material. After shearing occurs, it is assumed
that the soil reaches and remains at the critical
state for further deformations so that the effective
stresses remain constant. There is a zone of soil
around the pile at the critical state. Soil outside
the critical state zone deforms elastically.

Transportation Research Record 1044

An approximate solution proposed by others (14)
was modified in order to compute the state of stress
in the soil after consolidation. It is assumed that
the so0il modulus varies logarithmically as a down-
ward—facing parabola from the pile surface to the
outside boundary of the critical state zone. A value
of the ratio of the radial soil modulus E ; at the
pile surface to the radial soil modulus (Ero) at
the outside boundary equal to 0.1, and a drained
Poisson's ratio equal to 0.3 were used. To obtain a
set of equations that could be used to solve the
stress changes during consolidation, the constitu-
tive equations were substituted into the equation of
equilibrium of total stress. The resulting equations
were then solved by dividing the yielded zone into a
number of subzones and writing the boundary condi-
tions for the boundaries of the subzones.

The major modification to the published solution
was the use of an anisotropic formulation for the
soil modulus. It was assumed that the soil modulus
in the circumferential direction, Ey, was greater
than the modulus in the radial direction, E, (EO/Er =
2 was used). This effectively caused the soil to
stiffen in the circumferential direction, which then
reduced the radial stress changes. Thus, the radial
stresses after consolidation, and the inferred side
resistance that could be developed, were reduced to
values that agreed with measured capacities (5).

The computed states of stress after soil consoli-
dation from VECONS were input into AXIPLN, an axisym-
metric finite element program plan (18), which was
then used to model pile loading. Good agreement was
obtained between measured and computed values of
shear stress along the pile and load in the pile for
three well-instrumented pile load tests. This veri-
fies that VECONS can be used to predict the state of
stress in the soil for at least the 2zone of soil
immediately adjacent to the pile.

Comparisons between CAMFE and VECONS for five dif-
ferent soils that have been well documented are
given. Information on the first two sites was ob-
tained from the investigators working at Cambridge
who developed CAMFE. This includes Boston Blue Clay
with overconsolidation ratios (OCR) of 1 and 8 (10)
and London Clay with an OCR of 8 (1l). The other
three soils include Beaumont Clay at the University
of Houston test site (19), San Francisco Bay Mud at
the Hamilton Air Force Base site (20), and Champlain
clay at the St. Alban test site near Quebec, Canada
(21,22) . The results are shown as plots of stress or
pore pressure normalized by the initial undrained
shear strength that was obtained from the CAMFE
analyses, versus the natural logarithm ot the radial
distance from the pile surface. Figure 1 shows the
results obtained for Boston Blue Clay with an OCR of
1 (10), and Figure 2 shows results obtained for
London Clay with an OCR of 8 (11).

A summary of the results of the analyses is given
in Tables 1 and 2. Tables 1 and 2 also give the
normalized stress changes that occur immediately
after pile installation and after consolidation for
the CAMFE and the VECONS analyses. The in situ un-
drained shear strength was used in all cases to
normalize the stresses. For both solutions, it was
necessary to model the stresses at a radial distance
greater than at the pile surface, r > rg. It was
determined that representative results could be
obtained by using r values of 1.10 r, for VECONS
and 1.15 r, for the CAMFE analyses. Based on the
comparisons, it was determined that the normalized
stresses from both analytical models should be used
to represent stresses acting on piles.

=
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FIGURE1 Comparison of results of CAMFE
and VECONS on Boston Blue Clay (OCR=1)
(10).

Computational difficulties arise when modeling
normally or 1lightly overconsolidated soils with
CAMFE. Indications of the difficulties include nega-
tive values of the void ratio and the pore pressure,
and values of the stresses that are obviously er-
roneous. In addition, the solution may encounter a
step requiring that the square root or logarithm of
a negative number be taken. The difficulties can be
avoided if large values of « and » (critical state
parameters for Cam-clay) that are not repre- senta-
tive of the actual soil conditions are input. Because
of the difficulties, CAMFE was only used to model
overconsolidated soils in the subsequent analyses.

PARAMETRIC STUDY OF CAMFE AND VECONS

Parametric studies were conducted to determine de-
pendence of soil properties and stress history on
the results obtained from CAMFE and VECONS. Similar
studies reported by Wroth et al. (l1) indicate that
the results from CAMFE depend only on two parameters,
M and A, where M is a function of the peak effective
angle of internal friction [6 sin ¢'/(3-sin ¢')], and
A is the compression index using a plot of the nat-
ural logarithm of the vertical effective stress. The
effects of soil stress history were determined for
this investigation by characterizing soils with dif-
ferent values of OCR with representative values of
K, and the ratio of the undrained shear strength to
the means effective overburden pressure, su/p'o.
Conclusions from the parametric study with CAMFE
and VECONS are similar to those from the previous
study with CAMFE. The normalized effective radial
stress is not affected by the effective wvertical
overburden pressure (depth) and the in situ soil
modulus, E;. The final effective radial stress de-
pends on ¢' (equivalent to M for the CAMFE input) and
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AT e CAMFE
3
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08y

STRESS OR PORE PRESSURE/S,

- —

0 b—u
152 5 10 100
(a) IMMEDIATELY AFTER DRIVING
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0 A\ i
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FIGURE 2 Comparison of results of
CAMFE and VECONS on London Clay
(OCR=8)(11).

s;. The most significant changes occurred when 2
and M were varied. The ratio s;/p'y has a lesser ef-
fect than M and A. However, it was utilized in this
study to investigate the effects of soil stress his-
tory. Because the results of the two solutions are
similar, analyses with both CAMFE and VECONS were con
conducted by varying M or ¢', A (CAMFE only) and the
OCR (as characterized by typical values of s,/p'c and
Ko) «

ANALYSES FOR THE EFFECTS OF PILE INSTALLATION

The results of the analyses were obtained from a
parametric study using the CAMFE and VECONS solu-
tions. The objective of the analyses was to deter-
mine the effective radial stress after soil consoli-
dation in terms of known soil properties to predict
the maximum side resistance along piles in c¢lay. The
results are presented in terms of the normalized ef-
fective radial stress, o' o/sy.

A plot of the final radial effective stress nor-
malized by s, versus M is shown in Figure 3. The
curves showing the results of the CAMFE analyses are
for values of s,/p'c = 0.8 and 1.0 for A = 0.1; and
A = 0.3, and s,/p'c = 1.2 for A = 0.5. The curves
represent the upper (A = 0.1, s,/p's = 0.8) and lower
(A = 0.5, s5;/p'y = 1.2) range of values that occur.
Values of s,/p', that are less than 0.8 could not be
used because of the computational difficulties pre-
viously described. A ratio of «x/A = 0.2 was used
throughout. The previous analyses indicated that
a'y/s,; would increase by approximately 5 percent if
k/X was increased from 0.2 to 0.385. Similarly,
a'y/sy would be lower if k/A was less than 0.2. The
curves showing the results of VECONS are shown for
values of s,/p', from 0.42 to 1.2.

Some conclusions to the parametric study are as



TABLE 1 Results of CAMFE Analyses
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Immediately After Installation

After Consolidation

Sy = su(®°)
Soil (kips/ft) pfsy,  Opfsy  Og/sy oyfsy  Uefsy  (Kips/ft?) DPleons/Su  Orc/Su  OBelSu Goelsu DBpfsy  BpTue  Adcju,
BBClI 0.750 1.53 2.58 0.47 1.53 3.8 1.143 3.62 4.73 3.04 3.10 2.10 0.54 0.55
BBC8 0.881 1,79 3.03 0.55 1.79 3.28 1.224 3.84 5.08 3.7 3.26 2.05 0.63 0.63
LC8 3.657 2.56 3.64 1.47 2.56 2.95 4.890 4.60 5.69 4.02 4.09 2.04 0.69 0.69
UHCC 1.436 2.23 3.33 1.14 2.24 3.83 2.218 4.68 5.83 4.08 4.13 2.45 0.64 0.65
SFBM 0.346 1.48 2.53 0.43 1.48 40.5 0.456 3.20 4.19 2.7 271 1.72 0.42 0.41
St. Alban 0.206 1.66 2.71 0.60 1.66 4.31 0.268 3.49 4.48 2.99 2.99 1.83 0.42 0.41
TABLE 2 Results of VECONS Analyses
Immediately After Driving After Consolidation
Soil p’/5u Glr/su C'B/Su a’z/su Ue/Sy p’cons/su O’rclsu Olﬂc/su Olzc/su Ap’/SU Apl/ue AU’rc/ue
BBC1 1.61 2.62 0.62 1.62 3.73 2.89 4.12 2.04 2.50 1.28 0.34 0.40
BBC8 1.62 2.62 0.62 1.62 3.49 2.85 4.08 1.99 2.47 1.23 0.35 0.42
LC8 2.34 3.32 1.35 2.34 2.87 3.42 4,57 2.61 3.09 1.08 0.38 0.43
UHCC 2.36 3.36 1.36 2.36 3.55 3.59 4.52 2.73 3.21 1.23 0.35 0.33
SFBM 1.62 2.62 0.62 1.62 4.79 3.04 4.31 2.21 2.61 1.42 0.30 0.35
St. Alban 1.62 2.62 0.62 1.62 6.08 3.95 5.40 3.22 3.23 2.33 0.38 0.46
8 Figure 3 in determining o'y .. Thus, the recommenda-
A=§J_ tion is to use the following table (interpolate for
Su/Pg =0.8 other values of OCR) to obtain s,/p'ss, to estimate
- s u o
§l?§1;‘\\ the in situ s,. (Note that values of s,/p', greater
/Py =0, than 1.2 are not recommended.)
] 7\:0.5\\\:‘\_:\_ ~ .
5u/Py 12\\“\{\\ OCR su/P'o
- N T 5
s S 1 0.42
£ T 4 0.80
2 : s
e Legend 12 1'2
3l CAMFE 1.
______ VECONS
2k [ g VECONS ANALYSES OF DATA
050 o ) ]
) 0.80 a a The data that were obtained in the parametric study
1.00 * ¢ were analyzed to derive expressions for o'yo/sy. A
120 A v__— linear equation results when o', /s, is expressed as
plA— — : a function of log M. These equations were computed
0.5 10 15 b : : :
y using linear regression for » = 0.3 and s,/p =
M 0.8, 1,0, and 1.2. The intercept values of u‘r Sy
FIGURE 3 Final radial effective stress next to (the va?.ues taken a,t U = 1.0) were thel BHELYReS AS
pile from CAMFE VECONS. a function of s,/p's, and an average value of the

presented here. For both the CAMFE and the VECONS
analyses, Lhe predicled value of o'p/s,;  depends on
the parameter M. To express the variation in quanti-
tative terms, for A = 0.3, o'y/s, varies from ap-
proximately 4.2 to 6.0 and for M from 1.5 to 0.6, or
g'y/sy varies by 40 percent. The variation of o'p/sy
with a given value of M for A ranging from 0.1 to
0.5 would be approximately 20 percent.

The values of ¢',/s; obtained from the VECONS
analyses fall in the lower one-half of the range of
values obtained from the CAMFE analyses. The effect
of overconsolidation, as indicated by the different
ratios of s,/p'os is minimal. This result could be
expected as both analyses predict that the soil
reaches the critical state during pile installation,
which then infers that the soil will no longer re-
flect previous overconsolidation.

For the analyses, representative values of su/p'p
were chosen as a function of OCR. The purpose of this
was not only to estimate sy for the analyses but also
to estimate conservative values of s, for use with

slopes of the linear regression lines was calculated.
Equation 1, then, is the equation for ¢' /s, for A =
04.3s

3're/9y - 5.15 = 0.24(sy/p's) - 4.83 log M (1)

A similar equation that includes the variation ob-
tained was derived for o'yo/sy in terms of X, sy/P'os
and M. The data for » = 0.1 and x» = 0.5 did not
include different values of s,/p'c, so it was assumed
that the variation of the regression lines (-0.24
sy/P'c) would be the same as for A = 0.3. The inter-
cept values were then expressed as a linear function
of A, and the slopes of the regression lines (¢’ /sy
versus log M) were averaged to obtain the following
equation:

a're/Sy = 5.71 = 2.23(A) = 0.24(sy/pP"p)
-~ 4.59 log M (2)

A similar approach was used to analyze the data
from the VECONS analyses and a final equation was
derived to represent the results for both solutions.
Linear regression lines were computed for sy/p'c =

w
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0.42, 0.6, and 1.2. Equation 3 gives the relationship
for o' o/sy-

a're/Sy = 4.91 = 0.31(sy/p's) - 3.94 log M (3)

The final equation was derived by using a linear re-
gression of all the data.

o'yo/sy = 4.80 - 4.57 log M (4)

The correlation coefficient computed results for
Equation 4 is -0.929 and the standard deviation is
0.67. Eguation 1 can be used if the respective values
of A and sy/p'y can be estimated. The equations indi-
cate the dependence of a',./s, on the parameters.

ANALYSES FOR NONDISPLACEMENT PILES

Additional analyses were conducted to investigate
the stress changes on piles that do not fully dis-
place the soil. Such piles include unplugged, open-
ended, pipe piles and ideal H-piles. [In some cases,
soil can block off the ends of open-ended pipe piles
or the sides (between the flanges) of H-piles, caus-
ing them to act as full displacement piles for fur-
ther penetrations. It is not within the scope of this
paper to predict whether soil would block off a pile
and, if so, the depth where the soil plug would
form.] For H-piles, it would be necessary to assume
a circular cross-section with the same area as the
H-pile as an approximation.

Analyses were conducted for partial displacement
piles with displacement ratios of 0.05, 0.10, and
0.20. The displacement ratio is defined as the ratio
of the cross-sectional area of steel of the piles to
the gross cross-sectional area. Both of the computer
solutions were programmed so that nondisplacement
piles could be analyzed. According to the solutions,
the soil reaches the critical state; consequently,
stress changes during installation are the same as
displacement piles except that the pore pressure is
not as large. The critical state zone, the 2zone of
soil at the critical state, is not as large for a
nondisplacement pile.

To analyze the effects of nondisplacement piles
quantitatively, a number of the cases that were used
in the previous parametric study were analyzed using
different displacement ratios. Based on the results
of the analyses, it was concluded that the reductions
in ¢'yo/sy for a displacement pile can be expressed
in terms of the displacement ratio independent of M
or sy/pP'ce The reduction in o' /s, is expressed in
terms of the value obtained for a full displacement
pile. The recommendation is to reduce o'y o/s; com-
puted for full displacement piles by multiplying by
factors of 0.80, 0.85, and 0.90, respectively, for
displacement ratios equal to 0.05, 0.10, and 0.20,
respectively.

PREDICTION OF ULTIMATE SIDE FRICTION

For rapid pile loading, undrained conditions with no
soil consolidation are assumed. For undrained load-
ing, excess pore pressure can be generated, causing
changes in the effective stresses. The excess pore
pressures are a fraction of the shear stresses in
the soil that are caused by pile loading (3). There
are also some changes in the soil stresses as a
result of applied shear stress. The orientation of
the major principal stress rotates around from the
radial direction toward the vertical direction. To
determine the state of stress at failure, it is
necessary to determine both the effective stress

changes caused by pile loading and the reorientation
of the principal stress directions.

The results of finite element analyses on piles
in clay (5) indicate that the total radial stress
(excluding the hydrostatic pore pressure) acting on
piles remains nearly constant during pile loading.
The total radial stress at pile failure is approxi-
mately 2 to 4 percent greater than the total radial
stress after consolidation except for soil near the
ground surface and near the pile tip. The total
radial stress increases by as much as 20 percent
within approximately 5 pile radii of the ground
surface. The total radial stress decreases near the
pile tip. Thus, the effective radial stress after
consolidation, equivalent to the total radial stress,
can be used to predict the side friction capacity
for the major part of the pile shaft.

The authors recommend computing the side friction
capacity by using the effective radial stress after
consolidation o'y., and a friction parameter. The
friction parameter is the peak total friction angle

between the pile and soil, ¢gg. Equation 5 can
then be used to compute the side friction, fy as
follows:

fg = 0'yc tan ¢gg (5)

can be made from undrained
direct simple shear, or rod shear

The determination of ¢gg
direct shear,
tests.

The findings from two rod shear testing programs
are used to estimate the friction parameter (15,16).
The results that are presented here are in terms of
the peak interface friction, fg, and the initial
effective confining (radial) pressure, o'gj. Figure 4
(16) shows a plot of f4 versus ¢'y; showing computed
friction angles, tan bge = (£g/0'ci). The range of
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FIGURE 4 Peak interface resistance versus
initial effective confining pressure (16).

values of ¢g for the undrained tests was from 12 to
16.5. Figure 5 (16) shows the relationship between
fs/0'ci and the plasticity index. Ratios of fo/0'gj
between 0.2 and 0.3, or ¢g5 between 11 and 16 are
recommended. The major conclusion from the two in-
vestigations is that there is no limit to the side
friction that can be obtained. This is in contrast
to the concept of limiting side friction used by the
American Petroleum Institute (23).

The procedure to compute the ultimate side fric-
tion capacity is complete. Any one of Equations 1
through 4 can be used to estimate o'yo/sy. The ef-
fective radial stress after consolidation is equiva-
lent to o¢'y; that was obtained in the laboratory rod
shear tests. The ultimate side friction is computed
at a number of depths using either Figure 4 or 5 to
estimate ¢g5 and Equation 5. (Some computation exam-
ples are presented later in this paper.)
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SOIL SOFTENING EFFECTS

Soil softening occurs in many clays after the peak
side resistance is attained. A noticeable reduction
in side resistance can be observed after the peak
side friction occurs. The problem with designing for
pile capacity is that the peak side resistance is
reached in soil near the pile top and the pile tip
before the ultimate pile load is applied so the
maximum side resistance does not occur simultaneously
along the entire length of the pile. Therefore, it
is necessary to account for pile softening effects.
An evaluation of the effects of soil softening by
Kraft et al. (8) is tentatively recommended. The
average unit side resistance at pile failure, £f,,
can be estimated by using Figure 6 (8). According to
the figure, the mobilized resistance at failure de-
pends on the pile length (L), diameter (D), stiffness
(AE), and on the average maximum unit side resistance
of the soil (fpayx) and three other parameters. The
variable u* is the relative pile-soil movement at
fnaxe v is a number defining the rate that fg is de-
creased, and £ is a factor expressing the reduc-
tion in fmax' The variables u*, u, and ¢ are esti-
mated averages for the pile length or the values at
the midpoint of the pile. The curves that are shown
were obtained from finite element analyses of
isotropic, homogeneous soils. According to the in-
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FIGURE 6 Mobilized friction ratio for soil-softening effects (8).

Transportation Research Record 1044

vestigators, the reduction in capacity is not sensi-
tive to f;ax and u*.

COMPUTATION OF PILE CAPACITY

The fellowing equations can be used to compute the
pile capacity. The side capacity, Qg, can be com-
puted by using Equation 6 assuming that there is no
strain softening. To determine Qg for piles with
strain-softening effects, multiply the ratio fav/ Emax
determined from Figure 6 by Equation 6.

n

Qg =( | £5 aLj] = D (6)
i=1
AN /

The tip capacity is computed for cylindrical piles

according to Equation 7 using N, = 9 and s, at

the pile tip.

Qp = sy Ng m D2/4 (7

(Note that the pile capacity Q,j¢ is the sum of
Qg and Qp.)

CONCLUSIONS AND RECOMMENDATIONS FOR USE

The parametric studies required a large number of
analyses leading to the following conclusions that
are true for both the CAMFE and VECONS analyses:

1. 7The ratio o'po/sy is not dependent on E, (or
G) and the in situ stress (depth).

2. The ratio o'y o/s,, to a lesser extent, depends
on the OCR, characterized by representative values
of sy/P'ce (An explanation for this is that the soil
is remolded during installation, removing the effects
of overconsolidation.)

2. The wvariable
the parameter M (or ¢).

4. Computed values of o'y ./s; are generally high-
er for the CAMFE solution.

' /3y i3 highly dependent on
Y re/cu gLy ¥

Specific conclusions regarding the predictive pro-
cedure are as follows:

l. It is necessary to make a conservative esti-
mate of s;. The value of s; should not exceed the sy
value obtained by using the table previously dis-
cussed. (See "Parametric Study of CAMFE and VECONS"
elsewhere in this paper.) Normally, there is a large
amount of data scatter as well as significant differ-
ences in predicted values of s;, depending on the
type of test that is used.

2. M should be computed using M = 6 sin ¢'/
(3-sin ¢').

3. Equations 1 through 4 should be used to deter-
mine o'yo/sy.

4. The friction parameter ¢gg5 is probably between
11 and 16. The higher values correspond to soils with
low plasticity indices. Ultimate capacities are com-
puted using Equations 5 through 7.

NEED FOR RESEARCH

There is a need for further research. It is difficult
to determine appropriate values of s;. The research
should be directed at determining appropriate test
procedures, either laboratory or in situ, that can
be used. Correlations between soil properties (liguid
limit, plasticity index, or 1liquidity index) and
¢' would be useful and further studies on the
friction parameter, ogg, are necessary. It is
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probable that other solutions for the effects of
pile installation will be developed, and, when this
happens, similar studies should be conducted. More
full-scale field tests on piles are necessary, how-
ever, to verify any predictive procedure. Design
charts for different soil and pile conditions could
be developed using the predictive procedure.

The recommended predictive procedure was compared
to the findings of other investigations and field
test data. There are some conditions that the recom-
mended procedure has not verified experimentally. The
validity of the solutions for permeable piles (con-
crete or timber) is questioned. The pile-soil adhe-
sion is higher for timber piles. For nondisplacement
piles (open-ended pile or H-piles), the solutions
have not been verified. The strain-softening effects
need to be investigated further. The solutions may
not be valid for tapered (straight-sided or step-
tapered) piles. The predictive procedure was devel-
oped from analytical solutions and load tests on
single piles. It would not apply to piles in groups
where the group effects of pile installation and
loading would be significant.

Discussion
Michael W. O’Neill*

The authors describe a method to reduce average
shaft resistance for flexible piles. They speculate
that strain softening occurs in clay soils following
the development of peak shaft resistance in driven
piles. This phenomenon purportedly explains the
well-known effect that average unit shaft resistance
along a pile at plunging decreases with increasing
pile length in relatively uniform soils. Because
progressive failure occurs along the shaft, the
average unit shaft resistance at plunging failure
consists of contributions of peak resistances at
some levels (presumably at lower levels) and post-
peak (reduced) resistances at other (higher) levels.
The more flexible the pile, the larger would be the
post-peak reduction in unit shaft friction along the
upper part of the pile; consequently, the smaller
would be the average unit shaft resistance.

This writer would like to offer an alternative
explanation of this phenomenon, based on full-scale
and model tests that he has conducted on driven
piles in clay.

Figure 7 shows a set of f-z curves for a 10.75-
in.~outer diameter x 0.365-in.-wall, steel pipe pile
driven to a depth of 43 ft in stiff, saturated,
fairly uniform, overconsolidated clay with an OCR
between 4 and 8 (24,25). Strain softening is observed
to be almost nonexistent in the upper one-half of
the pile but to increase markedly with depth. In the
notation of the authors' Figure 6, £ at a dis-
placement of uu* = 0.6 in. (3 to 10 times the
displacement at yield), is shown in parentheses for
each level. The test pile was moderately rigid. Had
it been perfectly rigid, the conditions producing
the largest average side resistance, fpay, are
shown by the solid dots. The value of this average
frax is 8.97 psi.

Had the pile been much more flexible (wall thick-
ness of 0.25 in. corresponding to a stiffness ratio
of 6, using the definition in Figure 6), the average
fmax corresponding to a tip deflection of 3 per-
cent of the pile diameter (top deflection of 5 per-

*University of Houston, Houston, Texas 77004.
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cent of the pile diameter), which would result in
plunging failure of the pile, would be derived from
the points represented by the open circles. The
value of the resulting average fpzyx for such a
flexible pile is 8.41 psi, or 6.2 percent less than
the value for the rigid pile. Although the effect of
pile-soil flexibility is demonstrable in this soil,
it is not as significant in reducing average maximum
load transfer as at least one other phenomenon,
discussed below.

The results of Figure 7 have been replotted in
Figure 8 in the form of ¢ (at 0.6 in.) versus 4,
the normalized vertical distance between the pile
tip and a generic depth in the soil. The variable
£ 1is approximately constant at 0.90-0.95 for &
exceeding 15 diameters. For ¢ less than 15 diam-
eters, E decreases sharply to approximately 0.70
at 4 = 2 diameters. This behavior suggests that
the farther the pile travels past a given depth of
soil during installation, the greater the degree of
soil destructuring at the pile-soil interface and
the higher the value of &£. If such is the case,
the average fy;x decreases with increasing pile
penetration because the angle of soil-to-pile fric-
tion ¢gg decreases at a given depth as the pene-
tration increases, assuming the correctness of the

1.07

0.9
£ 0.8

0.7

0-85—0 20 30 a0

A(DIAMETERS)

FIGURE 8 £ versus A for field
fest.
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assertion of the authors that 1lateral effective
stress is generally independent of depth in a uni-
form soil. (The friction angle may only appear to
decrease if lateral movements during driving, not
accounted for by existing effective stress methods,
produce permanent strain in the soil.)

If ¢gg decreases at a given s0il depth with
increasing pile penetration, the average value of
frnax should reduce in any given pile in uniform
soll as it is driven deeper, even if the soil does
not possess strain-softening characteristics. Figure
9 shows the results of model tests on an instrumented
l-in.-diameter, steel pipe pile driven in saturated,
uniform medium-still, nonstrain-softening, low-
plasticity clay (26). When the pile penetration
increases from 40 diameters to, say, 80 diameters,
the average f,., decreases by 32 percent, pri-
marily because of severe reductions in local fpzy
at soil depths above 45-pile diameters with increas-
ing tip penetration. The degree of average load
transfer reduction resulting from this phenomenen
(32 percent) is significant compared to the reduc-

f = AT DEPTH 25D

i \' MAX
\
\

3 § \\
= fmax = (45D)
e; 2_ \ Jt:é'MAX= (700)

= fuay(AVG) \;\ N

- - \\ \

1+ fuax = (8D) \\;\:

0 1 - J

0 50 100

TIP PENETRATION (DIAMETERS)

FIGURE 9 Maximum load transfer versus tip
penetration for model test.

tion caused by pile flexibility (6.2 percent in the
case described).

It is hoped that future theoretical effective
stress studies by the authors or by others will
address this issue.
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Large Observation Borings in Subsurface

Investigation Programs

GAY D. JONES

ABSTRACT

The West Papago/I-10 Inner Loop Freeway alignment in Phoenix, Arizona is under-
lain by up to *20 ft of surficial silty clay, sandy clay, clayey sand over-
burden, and 200 ft of dense sand-gravel-cobbles (5-G-C) with occasional
+18-in boulders. Conventional, small-diameter borings are used for disturbed
and undisturbed sampling in the overburden. Atterberg Limits, mechanical analy-
ses, consolidation, collapse-potential, direct shear, and triaxial compression
tests are performed on the overburden material. Refusal to helical-auger pene-
tration usually occurs at or near the top of the S-G-C deposit. Local practice
is to utilize percussion drilling to penetrate the S-G-C deposit. This procedure
does not produce representative specimens of the foundation material and labo-
ratory testing is not attempted. This paper contains a description of the com-
position of the subsurface materials, current drilling-sampling techniques for
the S-G-C deposit, and the use of large observation borings as a supplementary
means for conducting visual examination of the S-G-C material. This examination
aids in the assessment of the S-G-C material as a foundation material for
bridges and retaining walls, as a tunneling medium, and in the slopes of a
depressed roadway.

The £final 1link of Interstate 10 (I-10) is under
design and construction by the Arizona Department of
Transportation. This *9 mi segment of the West
Papago/I-10 Inner-Loop Freeway through downtown
Phoenix will involve major multi-level interchanges,
a depressed I-10 roadway in highly developed areas
with multi-level buildings, and historic properties
immediately adjacent to the alignment. The depressed
roadway will intercept the surface drainage of the
Phoenix Basin and separate the watershed into two
regions. Storm runoff collected from the northern
half of the drainage area must be conveyed through

tunnels to its natural outlet at the Salt River.
Subsoils through which the tunnels must be driven,
and that will support structure foundations and form
the depressed section side slopes, have been exten-
sively investigated. The primary exploration method
has been conventional, small-diameter drill holes
with limited in-hole testing and, where feasible,
acquisition of samples for use in laboratory testing.

The wvariation of particle sizes from clay to
boulders, and material desiccation and cementation,
prevents acquisition of samples suitable for labora-
tory testing. The absence of suitable test informa-
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tion for assessing soil strength and deformation
characteristics of the sand-gravel-cobbles (S=-G-C)
deposit has resulted in greater than normal use of
engineering judgment in predicting soil structure
interaction and performance of slopes and structure
foundations. Large observation borings were drilled
to supplement the information obtained through
small~diameter borings.

SUBSURFACE CONDITIONS

The project lies within an intermontane basin that
is drained by the Salt, Gila, and Colorado Rivers
into the Gulf of California. The surficial deposits
consist of alluvial fan material composed of silty
clay, sandy clay, and clayey sand with lesser amounts
of silty sand and sand. This overburden is often
highly stratified, moderately-to-strongly calcite-
cemented, and generally possesses scattered gravel
and calcareous concretions. Its thickness varies
from less than approximately 10-20 ft along much of
the east-west freeway alignment and decreases to
less than approximately 2 ft in the area of the Salt
River. The overburden is underlain by S-G-C deposits.

The rapid washing of eroded material from the
nearby mountain ranges into the broad Phoenix Basin
resulted in massive S-G-C deposits, which, as indi-
cated in well logs, extend to a depth of several
hundred feet in many areas of the Salt River Valley.
The gravel- and cobble-size particles are subrounded,
hard, and durable; and are composed of quartzite,
granitics, volcanics, and other metamorphics. These
S-G-C deposits contain numerous cobbles with nominal
diameters of up to approximately 12 in. and occa-
sional boulders with maximum diameters of up to 18
in. The upper 20-30 ft of the S-G-C deposits are
generally weakly or uncemented and are relatively
clean. Below 30 ft, the S~G-C deposits contain more
silt and traces of clay and are 1locally weakly
cemented.

CONVENTIONAL SUBSURFACE INVESTIGATIONS

The methods usually employed to drill the overburden
will permit the taking of disturbed and undisturbed
samples that can be used for establishing soil
strength and deformation characteristics. The per-
cussion drilling procedures required for S-G~C pene-
tration produce degraded specimens that are unsatis-
factory for any meaningful testing in the laboratory.
The drilling, sampling, and field testing of the
overburden and S-G-C materials currently include the
procedures discussed in the following paragraphs.

Auger Boring--Overburden

Drilling in overburden is performed with a 6.5-in.
outer diameter (0.D.), 3.25-in. inner diameter
(I.D.), hollow-stem auder, or a *4-in. solid-stem,
continuous flight auger. The point of refusal to
auger penetration is usually coincident with the top
of the S-G-C deposits. Grab samples may be taken
from auger cuttings and standard penetration tests,
or 2.42-in. diameter ring (liner) samples may be
taken to provide disturbed and undisturbed samples
for testing.

Becker Drill--S-G-C

Drilling with the Becker Hammer Drill is accomplished
by advancing a double-walled drive casing with a
Link-Belt, l180-diesel, pile hammer having a rated
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energy of 8,100 ft-1b per blow, or 12,000 ft-lb per
blow when equipped with a supercharger. Cuttings are
removed with compressed air by reverse circulation
and collected at the gurface in 2a c¢yclone, f£rom

which grab samples are taken.

Odex System=-5-G-C

The Overburden Drilling with Eccentric System, or
ODEX, is also referred to as a "down-the-hole hammer
system." The system consists of a pneumatic rotary-
percussion, down-the-hole hammer operating at the
bottom of the hole, being drilled through a 5-in.
diameter steel casing. The eccentric button percus-
sion bit underreams the bore hole and allows ad-
vancement of the casing. The same compressed air or
air-detergent that operates the hammer also serves
to expel the cuttings from the bore hole.

Schramm Rotadrill--8-G-C

The Schramm T605 H, truck-mounted drill rig is a
top-drive, rotary rig that is capable of up to 85,500
in.-1b of torque with a pull-down capacity of 35,000
lb. Drilling is performed with either 8-in. or 5.625-
in.-diameter tricone roller bits. Cuttings are re-
moved by compressed air or an air-water mixture. Grab
samples are taken from the cuttings. When casing is
required to stabilize the bore hole, a Hammerhawk
drill-thru casing hammer is used, permitting simulta-
neous rotary-tricone drilling and driving of casing.

LARGE OBSERVATION BORINGS

Since early 1983, the Arizona Department of Trans-
portation has utilized large observation borings to
supplement small-diameter explorations and testing.
This procedure was first used in value engineering
studies for the tunnel drainage system when a 36-
in.-diameter boring was drilled to a depth of 65 ft
to permit in-situ examination of the material. A
36-in. auger was selected for access purposes (Fig-
ure l). Repeated entry and withdrawal of the auger
resulted in actual hole dimensions varying from 42
to 66 in.

The boring was logged and bag samples were taken
during drilling. A 60-ft section of 36~in.-diameter,
steel safety casing with approximately 8 x 8-in.
viewing ports at approximately 5-ft intervals, was
positioned in the boring. The sidewalls of the boring
were examined, the material visually classified, and
color photographs taken (Figure 2). The following
conditions were reported:

1. Side walls stood unsupported at full depth
even in sand layers for approximately 24 hr.

2. The size of the hole varied from 42 to 66 in.

3. Cobbles and boulders were primarily flat,
thin, and rounded in approximately the same way as
the exposed materials from the Salt River Channel.

4. The largest boulder observed in the excavated
material was 18 x 18 x 6-in.

5. In the sidewall, large boulders greater than
10 in. were observed to be scattered throughout the
profile rather than concentrated at particular
depths.

6. Cobbles and boulders were observed to be
rather flat-lying, (i.e., with the greatest surface
exposure along a horizontal plane).

7. Roots were observed to exist as deep as 33
ft. Large trees were growing adjacent to the boring.

8. S=G-C deposits appeared to be cemented for
the full depth, from their first appearance at 20 ft

Sl
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FIGURE 2 Sand-gravel cobbles (S-G-C) as viewed through 8 x 7-
in. hole at 30-ft depth.

down to 65 ft. The amount of cementation increased
with depth as noted by an increase in the whitish
coating on particles. This was particularly notice-
able below 48 ft. There may not be a significant
cementation effect, however, because materials still
crumbled easily with hand pressure at all depths.
The cementing material did not react with HCL.

This large observation boring presented an oppor-
tunity to study the drilling effort and excavated
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material, and to examine the in-situ subsurface
materials, which was more beneficial in the design
process than reviewing the results of many small-
diameter percussion borings required to penetrate
the S~G-C deposits.

Two 28-ft-deep large observation borings were
drilled specifically for access by geotechnical
engineers representing the FHWA, the Arizona Depart-
ment of Transportation, and the management and design
consultants. The objectives were to

1. Compare the in-situ condition of the over-
burden with the results of a small-diameter auger
hole drilled nearby;

2. Examine the gradational changes at the inter-
face of the overburden and S-G-C deposits;

3. Witness the effort required to drill the
5-G-C;

4. Make a personal assessment of the S-G-C with
respect to adopted end-bearing and side-resistance
parameters for drilled shafts; and

5. Take samples of the S-G-C deposits for use in
laboratory corrosivity testing.

A final design exploration program was developed
for the tunnel alignments and included auger borings
to establish the top of the S-G-C deposits along the
alignment, and ODEX holes through the tunnel enve-
lope and for installation of groundwater observation
wells. Four large observation borings were planned
as part of the tunnel bidding procedure. Subsurface
information acquired through conventional, small-
diameter explorations was furnished with the bidding
plans. The prospective bidders were advised of the
drilling of the large observation borings. A prebid
conference was set for the afternoon of April 10,
1984. Early April 9, two large observation borings
were started simultaneously at the west and east
tunnel alignments.

Representatives of the contractors, their con-
sultants, equipment manufacturers, suppliers, and
construction engineers observed the drilling process
with intermittent examination of the side walls
during drilling (Figure 3). The borings were planned
to penetrate the full depth of the tunnel envelope.
Some holes achieved this while others were termi-
nated at groundwater 1level, but, in all cases, the
borings penetrated into the tunnel envelope. A 36-in.
corrugated metal pipe (CMP), 1lé-gauge, protective

casing having approximately 8 x 10-in. viewing ports
cut at approximately 5-ft centers, staggered at 180
degrees, was positioned in the boring with viewing
ports along the tunnel alignment.

FIGURE 3 S-G-C drilling with a Texoma Tarus holedigger.
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On April 9 and 10, 1984, 122 representatives of
52 firms entered the four large observation borings
for personal examination of overburden and S-G-C
deposits; and a pre-bid conference was held on April
10. Logs of these boring and water depths were
subsequently included in an addendum to the bidding
documents and provided to all bidders. The concept
and execution of these large observation borings as
a part of the bidding package were well received.

Two rigs have been used to date to drill the
large observation borings on the West Papago/I-10
Freeway in Phoenix--A Watson Model 3000 and a Texoma
Tarus. The Watson Model 3000 in equipped with a 318-
in.® diesel engine, a sliding frame permitting
clearance for 7-to-14,5-ft-diameter tools and 46 in.
of travel. A telescoping kelly permits drilling to
approximately 105 ft. It develops 100,000 ft-1lb of
rotary torque and 24,000 1b of positive crowd. Full-
stroke crowd and quick hoist speed results in a
reduced cycle time, allowing greater production
rates. Two hundred rpm of the drilling tool allows
for quick spinoffs and increased production.

The Texoma Tarus Hole digger is equipped with a
426-in.’ diesel engine that develops 83,741 ft-1b
of rotary torque and 51,200 1lb of positive crowd
pressure. A telescoping kelly permits drilling to
100 ft. A spinoff speed of 281 rpm allows for quick
spinoff.

CONCLUSIONS

The following conclusicons

1. Geologic conditions in the Salt River Valley
at Phoenix require special drilling and sampling
techniques in the acquisition of subsurface informa-
tion for design and construction. Some of these
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techniques involve percussion drilling that does not
produce the quality of results desired.

2. Large observation borings were a valuable
supplement to the conventional subsurface investiga-
tion program, particularly in the S-G-C materials.
It was possible to observe the in situ composition
of the S=-G-C materials, and the distribution and
concentration of sand, gravel, cobbles, and boulders,
which had not been possible with small-diameter
percussion borings.

3. The in-situ visual examination of the S-G-C
materials aided considerably in the formulation of
judgnents relative to the acceptability of end-bear-
ing and side-resistance values adopted for deep
foundation design, and potential problems associated
with construction of temporary earth support systems
within the S-G-C materials.

4. The random, heavy concentration of cobbles
and boulders within much of the S-G-C deposits is a
deterrent to in-situ testing within large observation
borings in the S~G-C material.

5. In a different geologic environment, large
observation borings may provide opportunity for
in-situ testing as well as visual examination of
critical subsurface materials.
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Fundamental Characteristics and Behavior of
Reinforced Concrete Bridge Piers
Subjected to Reversed Cyclic Loading

S. H. RIZKALLA, F. SAADAT, and T. HIGAI

ABSTRACT

Sixteen large-scale reinforced concrete specimens without web reinforcements
were tested to study the behavior of typical bridge piers subjected to deflec-
tion reversals that were large enough to cause extensive yielding of the longi-
tudinal reinforcement. The different parameters considered included shear span-
to-depth ratio, percentage of longitudinal reinforcement, frequency of the
applied load, and axial compressive stresses. Each specimen was subjected to a
multiple of three cycles of deflection reversals, in increments equal to the
yield deflection until failure. Based on parametric studies of the experimental
results, a nondimensional factor was introduced to describe the fundamental
behavior of such members. The proposed characteristic factor was used to eval-
uate the ductility, maximum shear stress, energy absorption-dissipation capac-
ities, and the equivalent viscous damping coefficient. The three modes of fail-
ure observed were classified according to the range of the proposed factor, and
also to the maximum intensity of shear stresses. Based on the experimental
results, an expression was introduced to predict the eguivalent flexural stiff-
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ness in the post-yielding range.

Bridge piers are commonly lightly reinforced in both
longitudinal and transverse directions. Unlike beams
and columns, they fall into different categories in
terms of shear span-to-depth ratio, as related to
the percentage of reinforcement and level of axial
compressive stresses. The main objective of this
paper is to study the behavior of typical bridge
piers when they are subjected to reversed cyclic
deflections large enough to cause extensive yielding
of the longitudinal reinforcement.

Sixteen large-scale, reinforced concrete specimens
without web reinforcements were tested. The speci-
mens were representative of typical bridge piers in
terms of material properties, section properties,
and construction details. The different parameters
considered in this program are the shear span-to-
depth ratio (a/d), percentage of longitudinal rein-
forcement (p), frequency of the applied load, and
level of axial compressive stresses (a).

The experimental program was divided into three
major series, as given in Table 1. The objective for
subseries I-A was to examine the effect of shear
span-to-depth ratio, a/d, on the mode of failure and
ductility. For these specimens, the percentage of
longitudinal reinforcement was varied to maintain a
constant ratio between the shear strength under
monotonic load, vg, and the shear stress at yield-
ing of the 1longitudinal reinforcement, Vy . In
subseries I-B, seven specimens were tested to examine
the effect of the percentage of steel, p. The effect
of the load frequency was examined in Series II.
Finally, two specimens were tested in Series III
with axial compressive force to simulate the actual
conditions of the prototype.

TEST SPECIMENS

The relationship between a tested specimen and a
typical bridge pier is shown in Figure 1. The dimen-

sions and reinforcement details of a typical specimen
are also shown in the same figure. The effective
depth, 4, was varied to allow for the variation of
shear span-to-depth ratio, a/d, between 3.29 and
6.05. The percentage of steel, p, was also selected
to cover the typical range for such members, as
given in Table 1. The end block was designed to
simulate the boundary conditions provided by the
foundation of typical reinforced concrete bridge
piers. All concrete used in fabrication of the
specimens was designed for a nominal ultimate
strength of 30 MPa and was ready-mixed from a local
concrete mix plant. The reinforcement used consisted
of hot, deformed bar grade of 300 MPa.

For the two specimens in Series III, the axial
compression load was applied using an especially
designed load frame equipped with two hydraulic
jacks and pin connection to allow for the rotation
of the cantilever in the vertical plane, as shown in
Figure 2. A bracing system provided by Teflon strips
was attached at the end of the cantilever to minimize
its lateral rotation.

TESTING APPARATUS AND PROCEDURE

The vertical reversing loads and deflections were
applied using an electric-servo, closed-loop, MTS
testing system. The specimen was loaded downward
(negative load) up to a load equal to the calculated
yield load, Py . The corresponding deflection at
the 1location of the load, §,, was measured. The
specimen was unloaded and then loaded upward (posi-
tive load) to a deflection equal to the yield de-
flection. The specimen was unloaded and the same
pProcedure was repeated for two more cycles of de-
flection reversals, as shown in Figure 3. After
three cycles, the deflection was increased by incre-
ments of Sy until the load-resisting capacity of
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TABLE 1 Variables Considered in the Experimental Program
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Frequency Axial

Specimen bxd Longitudinal p Py Vo vy Comp
Series  No. (mm) Reinforcement (percent) a/d (kN) (MPa) (MPa) Velvy Stress
I-A 1-1 500x350 3-20M 0.51 3.29 83.9 0.80 0.48 1.67 0.0004 None
1-2 500x230 3-20 M 0.96 5.0 65.8 0.96 0.57 1.68 0.0004 None
1-15 M
1-3 500x190 4-20 M 1.26 6.05 57.8 1.06 0.61 1.74 0.0004 None
I-B 1-4 500x190 6-20 M 1.89 6.05 83.70 1.27 0.88 1.44 0.0004 None
1-5 500x190 320 M 0.95 6.05 43.80 1.02 0.46 2.22 0.0004 None
1-6 500x190 5-20 M 1.58 6.05 70.80 1.12 0.75 1.49 0.0004 None
1-7 500x350 2-20 M 0.40 3.29 66.10 0.74 0.38 1.95 0.0004 None
1-10M
1-8 500x350 2-20 M 0.46 3.29 74.80 0.77 0.43 1.79 0.0004 None
1-1S M
1-9 500x350 5-20 M 0.86 3.29 140.70 0.99 0.80 1.24 0.0004 None
1-16 500x280 3-20 M 0.64 4.11 68.0 0.89 0.49 1.82 0.0004 None
1 2-1 500x350 3-20M 0.51 3.29 83.8 0.77 0.48 1.60 0.01 None
2-2 500x350 3-20M 0.51 3.29 83.8 0.77 0.48 1.60 0.2 None
2-3 500x350 3-20M 0.51 3.29 83.8 0.78 0.48 1.60 0.05 None
2-5 500x190 4-20 M 126 6.U05 5.8 1.10 0.62 1277 0.1 None
1l 3-1 500x350 3-20M 0.51 3.29 108.70 0.84 0.62 1.35 0.0004 0.98
3-3 500x190 420 M 1.26 6.05 64.76 1.18 0.68 1.74 0.0004 0.98
1 >
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FIGURE 1 Relationship between a typical specimen and bridge piers.

the specimen was less than the yield load, indicating
failure of the specimen.

For Series II, the preceding procedures were used
for the first half-cycle followed by a fully reversed
sine wave loading under the deflection control mode.
For Series III, the axial load was applied and main-
tained constant by using a pressure regulator before
the application of the yield load and the measurement
of the yield deflection.

The strains of the longitudinal steel were mea-
sured using electric resistance strain gauges. The
average steel strain was also measured using a linear
variable differential transformer (LVDT), which was
mounted on steel studs projecting from the longi-
tudinal reinforcement, as shown in Figure 4. By
using the same technique, the average diagonal and
vertical strains were measured to determine the
average shear strain. Loads and deflections at the
end of the cantilever part of the specimen were
recorded continuously by an X-Y recorder. Crack
propagation was observed using a magnifying lens,
and sketches were plotted as the cracks progressed.

TEST RESULTS

Material properties and the experimental results for
the sixteen specimens are given in Table 2. Because
of the nature of the applied reversed loading, the
diagonal shear cracks intersected each other to form
an x-shaped crack for most of the specimens. The
load deflection hysteresis response for a typical
specimen, 1-4, is shown in Figure 5.

DUCTILITY

The ductility factor, u, defined as the ratio
between the maximum deflection before failure, &,
and the deflection at yielding, 6,, is given for all
the specimens in Table 2. In this table, specimen 1-
3, which failed to sustain a load higher than the
yield load (Py) during the first cycle of the fourth
deflection increment at a deflection of 3.74 Gy, has
a ductility factor equal to 3. However, specimen 1-4,
which failed during the same cycle (46y/1), attains a

[N I
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FIGURE 2 Test set-up with the presence of axial load.
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FIGURE 3 Load pattern.

ductility factor of 2 because the load carrying ca-
pacity for this specimen dropped below Py at a de-
flection of 3éy. In general, the results indicated
that ductility decreases with the increase of the
percentage of longitudinal steel and the yield
strength of the steel, pfy. It is also clear that
the ductility is influenced by the shear span-to-
depth ratio, a/d, and the tensile strength of the
concrete, fi, as all the specimens failed in shear
(1) .
The
ur and the

relationship between the ductility factor,
previously mentioned parameters was
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FIGURE 4 Instrumentation for average steel strain.

specimens tested in Series I of this program. Based
on a multiple linear regression analysis, the fol-
lowing relationship was obtained:
y = 0.38 (Pfy)-l.74(a/d)1.93(ft)l.43 (1)
The mean and the standard deviation values were
found to be 1.00 and 0.11, respectively. The tensile
strength, f¢, could be evaluated based on the mea-
sured concrete splitting stre'ngth, feps or the
ultimate compressive strength, f,, as follows (2):

fr = 0.6 fg5p (2a)
or
£p = £22/3 (2b)

The powers of the different variables included in
the parametric relationship, Equation 1, suggest
the possibility of using a nondimensional charac-
teristic factor, K, to predict the ductility, where

K = [(a/d) £¢1/pfy 3)

The relationship between the ductility factor,
u, and the proposed characteristic factor, K, for
all the specimens in Series I of this program is
shown in Figure 6. Based on a best-fitting curve for
the experimental data, the following relationship is
proposed:

examined using the experimental data for all the uw=1/(0.8 - 0.13 K) (4)

TABLE 2 Test Results
Specimen  f,, fy fy & Priax Vi Failure Yielding

Series  No. (MPa) (MPa) (MPa) K (mm) (kN) (MPa) Vulvy Cycle Location u NED

I-A 1-1 37 343 2.34 4.33 3.77 -103.76 0.59 1.23 -66y/1 1d 4 37.43
1-2 35 341 2.10 3.19 6.70 -73.43 0.64 112 -58y/1 1.5d 3 22.37
1-3 36 343 2.28 3.17 8.56 68.29 0.72 1.18 +45y/1 1d 3 20.64

I-B 1-4 40 341 2.58 2.4 8.40 88.64 0.93 1.06 +48y/1 2d 2 7153
1-5 42 341 2.40 4.54 6.90 -52.52 0.55 1.20 -68y/2 2d 5 69.72
1-6 33 342 2.04 2.28 8.50 75.34 0.80 1.07 +48y/1 2d 2 8.28
1-7 38 342 2.16 5.14 2.66 -79.15 0.45 1.18 -88y/2 - 7 114.89
1-8 38 343 2.52 5.24 277 -92.15 0.53 1.23 -98y/3 - 8 151,11
1-9 41 343 2.52 2.82 4.68 145.55 0.83 1.04 +46y/1 1d 2 7.4
1-10 41 343 2.64 4.88 1.21 -78.83 0.57 1.16 -RAy/1 1d 6 97.39

11 2-1 34 343 2.00 3.76 3.74 -99.5 0.59 1:23 -48y/2 1d 3 18.28
2-2 34 343 2.00 3.76 3.80 -107.5 0.61 1.27 -56y/2 1d 4 39.42
2-3 35 341 2.04 3.86 333 -101.5 0.58 121 -66y/1 1d 4 39.52
2-5 40 350 2.23 3.06 6.54 -74.0 0.78 1.26 -68y/2 2d 5 59.8

111 3-1 36 342 2.04 3.85 3,55 +122.12 0.70 1.13 +66y/2 1d 5 46.88
3-3 41 342 2.52 3.54 8.14 -73.62 0.77 1.13 -58y/2 2d 4 32.48
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FIGURE 5 Typical load-deflection hysteresis.
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The preceding relationship is shown also in Figure 6
as a solid line. The mean and the coefficient of
variance values were found to be 1.00 and 9 percent,
respectively, clearly indicating a high degree of
predictive accuracy of the proposed expression.
Specimens in Series II are also shown in the same
figure.

The proposed relation suggests a minimum value of
2.3 for the characteristic factor, K, which corre-
sponds to an integer value for the ductility factor
of 2. The proposed expression also provides the max-
imum value for K of 5.3, which corresponds to a duc-
tility factor of 9 for possible shear failure.

MODES OF FAILURE

The appearance of the crack configuration failed to
indicate a clear trend that could be used to classify
the mode of failure for such members. The location
of yielding of the longitudinal reinforcement was
the only common observation that could be used to
classify the different mechanisms. By using the

proposed characteristic factor, K, it was possible
to classify the modes of failure accordingly, as
shown in Figure 6. Based on the range of the K-
values, the critical crack pattern and the extent of
yielding of the longitudinal reinforcement could be
predicted. The proposed classification of mode of
failure can be summarized as follows:

Mode 1

Failure is due mainly to a large vertical relative
movement at the maximum moment section, caused by
the localization of the yielding of the longitudinal
reinforcement at this section, as shown in Figure 7
for specimen 1-7. This mode is typical for K-values

e A n __2 pF =
KT UWSTIL 20 aAlll Jede

A [i'FEB-B3 .
_'i_S‘PE';IMEN 7
| CYCLE 3 23.94MM

FIGURE 7 Final crack pattern for Specimen 1-7, 96y/3.

Mode 2

This failure mode is characterized by yielding of
the longitudinal reinforcement within a distance d
from the maximum moment section. The failure is due
mainly to widening of the x-shaped crack or buckling
of the longitudinal reinforcement within the same
distance, as shown in Figures 8 and 9 for specimens
1-1 and 1-5, respectively. This mode is typical for
K-values between 4 and 4.8.
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FIGURE 9 Final crack pattern for Specimen 1-5, 78y/1.

Mode 3

The failure is characterized by yielding of the
longitudinal reinforcement within a distance 24 from
the maximum moment section. Failure is due mainly to
the initiation and widening of a second diagonal
crack, as shown in Figure 10 for specimen 1-4. This
mode is typical for K-values between 2.3 and 4.

EFFECT OF LOAD FREQUENCY

Four specimens were tested in Series II, with dif-
ferent frequencies, as given in Table 1. The crack
patterns at failure for the different a/d categories
were approximately similar to those for the similar
specimens tested under static loading conditions.
The variations in load frequency within the limited
ranges constituted by the 1limitation of testing
facility in this program seemed to have a negligible
effect on the ductility and maximum shear stresses.
Test results suggest possible changes in the failure
criteria under higher frequencies; however, no gen-
eral conclusion can be made at this stage because of
the limited number of specimens and limited range of
frequency used in this program.
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FIGURE 10 Final crack pattern for Specimen 1-4, 48y/1.

EFFECT OF AXIAL LOAD

To study the effect of axial load, specimen 3-1 and
3-3, used as representatives of the lower and higher
ranges of a/d, were tested in this program. The two
specimens were subjected to an axial compressive
stress of 0.98 MPa, which is typical for short and
intermediate bridge piers (3). The results indicated
that the presence of low-intensity, axial compres-
sive stresses appeared to enhance the maximum shear
resistance and ductility of such members (4). This
observation is contrary to the fact that high in-
tensity axial stresses decrease the ductility. It
was also observed that axial compressive stresses
affected the modes of failure. However, no general
conclusion can be made at this stage because of the
limited ranges considered in this program.

ENERGY ABSORPTION CAPACITY

In general, the magnitude of the energy absorption
capacity, W,, provides a means to evaluate the
response of a structure to the various loading his-
tories. By definition, this energy could be deter-
mined based on the actual area under the 1load-
deflection hysteresis preceding failure deflection
increment. The relationship between the normalized
energy absorption capacity with respect to the prod-
uct of yield load and deflection, I,, and the
proposed characteristic factor, K, for all the spec-
imens in Series I could be mathematically expressed
as follows:

I, = 1.82 exp(0.86K) (5)

The mean and coefficient of variance values for the
preceding relationship are 1.02 and 14 percent,
respectively.

The work index Iy, introduced by Gosain et al.
(5) , can be expressed as

n
Ty = [ (Pi 81)/(By 8y) (6)

where P; and §6§; are the maximum applied load
and deflection at the ith cycle, and n represents
the number of cycles preceding the failure deflection
increment. Based on the exggrimental results, the
relationship between I, and I, was examined and found
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to be linear. The obtained mean and coefficient of
variance values of 1.04 and 7 percent, respectively,
indicate an excellent agreement between the two
indices. This would justify the use of the simplified
work index, I,, in lieu of 1, to represent the actual
absorbed energy, W4+ The relationship between I, and
the proposed nondimensional factor K for all the
specimens in Series I is shown in Figure 11. The
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FIGURE 11 Relationship between work index and the
characteristic factor, K.

solid line represents the best-fitting curve to the
experimental data, and can be mathematically ex-
pressed as

Iy, = K/{0.41 = 0.07 K} (7)

The mean and coefficient of variance of 1.01 and 9
percent, respectively, were obtained.

To minimize the effect of the loading pattern used
in this program, an average work index, Iwave' could

be used as follows (6):

g = Byfn (8)
ave

The relationship between the ductility factor and
the average work index for all the specimens tested
in Series I without web reinforcement is shown in
Figure 12. The solid line represents the best-fitting
curve to the experimental data, which can be mathe-
matically expressed as

W= 172 I, - 0.72 (9)

The mean and coefficient of variance of 1.00 and 5
percent, respectively, were obtained. The comparison
between the preceding equation for piers without web
reinforcement and the expression proposed by Arakawa
(5) for columns with 0.3-percent, transverse rein-
forcement is also shown in Fiqure 12. The proposed
relationship complements Arakawa's findings by in-
troducing the lower bound for the family of curves
with different percentages of web reinforcement.

ENERGY DISSIPATION CAPACITY

In general, the magnitude of the energy dissipation
capacity provides a measure for the inelastic per-
formance of a structure under reversed loads. By
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FIGURE 12 Relationship between ductility and average work

index, 1,

definition, this energy could be evaluated based on
the areas enclosed by the load-deformation hysteresis
loops preceding failure deflection. The relationship
between the normalized energy dissipation, NED, with
respect to the linearized applied energy of the first
cycle, Py x (8y/2), and the ductility factor, u, for
all the specimens in Series I, is shown in Figure 13.
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FIGURE 13 Relationship between normalized
energy dissipation and ductility.

The solid line represents the best-fitting curve for
the experimental data, which can be mathematically
expressed as

NED = 1.8 (u)2-19 (10)

The mean and the coefficient of variance are
found to be 1.01 and 9 percent, respectively. Thus,
for a given ductility, which can be predicted by
using Equation 3, the normalized energy dissipation
can be determined.

MAXIMUM SHEAR STRESS

Based on the measured data, the maximum shear stress,
vyr 1is normalized with respect to the concrete
tensile strength f., and related to the charac-
teristic factor, K, for all the specimens in Series
I, (Figure 14). The solid line represents the best-

11
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and the characteristic factor, K.

fitting curve for the experimental data, which can
be expressed mathematically as

vy/fx = 0.71/K0-74 (11)

The high predictive accuracy of this proposed ex-
pression is reflected by the values for the mean and
the coefficient of variance of 0.99 and 2.5 percent,
respectively. Specimens in Series II are also shown
in the same figure. Based on this relationship, it
is recommended that for bridge piers without web
reinforcement, the intensity of shear stresses cor-
responding to the yield load be limited to 45 per-
cent of the shear strength of the concrete under
monotonic load, Vs. This would ensure reasonable
performance under large deflection reversals (u=6).
The modes of failure were also classified according
to the intensity of maximum shear stresses. By using
the same specified ranges of K-value for each failure
mode, the ranges of the intensity of maximum shear
stresses are established for the three proposed
modes (Figure 14).

The maximum shear stress resistance, v, of a
structural member depends also on the degree of
severity of the applied energy represented by the
work index, Iy. The relationship between the nor-
malized maximum shear stress with respect to the
tensile strength of concrete, v /f¢, and the
work index based on the experimental results of
Series I is shown in Figure 15. The solid line rep-
resenting the best-fitting curve to the experimental
data can be expressed mathematically as

Vu/ft - 0.6/10'23W (12)

The obtained mean and coefficient of variance
values are 1.0l and 6 percent, respectively. By
using this relationship, it is possible to evaluate
the shear stress of a pier without web reinforcement,
vy: for any level of desired deformation capacity.
For example, assume that a pier is reqguired to pro-
vide energy absorption such that it can withstand a
deflection of five times the yield deflection with a
deflection history as shown in Figure 3, and that
the load capacity should always be more than the
yield 1load. The corresponding work index in this
case is approximately equal to 45, which would trans-

23

~ 040

<

>3

]

& 0.35

fia

-

%)

4

oS 0.30F

E}:) M _ 06

s fy (le°23

g ME AN =1,01

g 0.25 STD. =0.06

g C.0.V.=5.6%

a °

N 0.20

o

=

=

o

o

Z 000 L 1 1 1 1 | |
o] 20 40 60 80 100 120 140

WORK INDEX (I,,)

FIGURE 15 Relationship hetween normalized shear
resistance and work index, I, .

late into a maximum shear stress of approximately 25
percent of the tensile strength of the concrete ac-
cording to Equation 12. This value could also repre-
sent the concrete contribution in resisting shear
for pier structural members with web reinforcement.

EQUIVALENT VISCOUS DAMPING COEFFICIENT

The use of the equivalent viscous damping coeffi-
cient, zgqr has the advantage of linearizing the
equation of motion. This coefficient may approximate
the other forms of damping if the dissipative energy
is small. The coefficient, Leqr Can be expressed
in terms of the energy dissipation capacity, Wp,
and the linear strain energy stored at maximum dis-
placement, Wg, as follows (7):

Ceq = Wp/dnWg (13)

The equivalent viscous damping at the ultimate
stage, as related to the characteristic factor (K)
for all the specimens tested in Series I, is shown
in Figure 16. The relationship for a given range of
K between 2.3 and 5.3 can be approximated by the
following equation, which is also shown as the solid
line in the same figure:

Zeqg = 0.12 (k1/3) (14)

The accumulated equivalent viscous damping coef-
ficient at different deflection increments for all
the specimens tested in Series I is shown in Figure
17. It is clear that the histories of all these
specimens can be represented by a single curve inde-
pendent of their fundamental variables, as shown by
the solid line. By using linear regression analysis,
the relationship can be expressed mathematically as

Zeq = 0-22 = (0.15/8/6y) (15)

in which 6 is the deflection 1limit at which the
accumulated equivalent viscous damping coefficient
is sought. In the same figure, the dotted line rep-
resents the relationship proposed by Gulkan et al.
(8) for reinforced concrete columns with web rein-
forcement under high-frequency 1loading conditions.
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It is evident that both curves follow the same trend.
The difference in the response according to the pre-
ceding curves may be attributed to the effect of web
reinforcement and influence of the lcad frequency.

EQUIVALENT FLEXURAL STIFFNESS

The change of the overall flexural stiffness could
be attributed& to cracking of concrete, local spall-
ing, slippage of the longitudinal reinforcement, and
reduction of modulus of elasticity of the steel (8).
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For deflection calculation at service load condi-
tions, the flexural stiffness, EI, could be predicted
by using the effective moment of inertia, Ieffs
and the concrete modulus of elasticity, Ec, as
proposed by the ACI code (9). The comparison between
the computed and measured values proved to be in
good agreement up to 70 percent of the yield load
(10) ; However, at higher load levels, the scatter
appears and increases as the load approaches the
ultimate load under monotonic loading condition.
Under deflection reversals large enough to cause
extensive yielding of the longitudinal reinforcement,
extensive cracking of the concrete occurs both at
the top and the bottom surtaces ot the beam, leading
to a substantial reduction in the stiffness. The
stiffness changes continuously with the variation of
the applied load. However, the slope of the secant
line at any point on the load-deflection curve could
be used to represent the equivalent flexural stiff-
ness, EI, at that level. The stiffness ratios, ¢,
between the equivalent flexural stiffness, EI, and
the effective flexural stiffness, EcIloff, were
calculated for all the specimens tested in Series I
in this program. Based on the multiple regression
analysis of the data, the relationship between the
stiffness ratio, ¢, 6/6y, and a/d were established as
shown in Fiqure 18 by the solid line, which can be
expressed mathematically in the following form (4):

o = 0.17 (a/@)0:78 (4,/6)0-85 (16)

The mean and coefficient of variance of 0.99 and
12.9 percent, respectively, were obtained. By using
the preceding equation, the equivalent flexural
stiffness, EI, for a given, reinforced concrete
bridge pier at any desired deflection level, 6§, in
the post-yielding range could be evaluated.

SUMMARY AND CONCLUSIONS

The following observations and conclusions are based
on the experimental program discussed in this study:

1. The fundamental behavior of bridge piers can
be fully described using a proposed nondimensional
characteristic factor, K, as follows:

K = [(a/d) ft]/pfy (17)

2. The proposed factor, K, was used to derive
expressions that could be used to evaluate the duc-
tility, maximum shear stress, energy dissipation and
absorption capacities, and the ultimate, equivalent,
viscous damping coefficient of such members.

3. By using the proposed characteristic factor,
K, iL was posgible Lo classily Lhe Lailure mechanisms
into three different distinct modes of failure. This
classification was accomplished parallel to a ra-
tional categorization of these failure modes based
on the maximum intensity of the applied shear
stresses.

4. The load frequency within the limited range
of this program is considered to have an insignifi-
cant effect on the mode of failure, maximum shear
stress, and ductility.

5. The results of the two specimens tested in
the presence of the axial compressive load indicated
that the low intensity of axial compressive stresses
enhance the shear strength and ductility.

6. For the given loading history, a relationship
between the ductility factor and the average work
index, Iwave’ was developed to allow for the predic-
tion of the deformation capacity of such members

subjected to various degrees of severity of the
applied load.

11
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7. Expressions were proposed for the prediction
of the equivalent viscous damping coefficient and
the equivalent flexural stiffness of such members in
the post-yielding range.
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Bridges Produced by an Architectural Engineering Team

ABSTRACT

In this paper, the aesthetic qualities of bridges are defined, the methods and
principles employed to achieve these qualities are described, and seven award-
winning bridyes are presented to demuvnstrate the effect of publiec opinlon on

bridge appearance.

The purpose of this paper is to document (a) the
reasons for producing bridges with aesthetic qual-
ities and (b) the methods utilized to accomplish
this task. The goal of the author's architectural
engineering team is to comply with legislative
direction for producing bridges built with public
funds. These bridges must also satisfy the public's
concern for quality while operating within strict
fiscal limitations.

Many beautiful bridges were built before 1950,
most of them depending on the arch for their beauty.
Some were spectacular in their accomplishments but
could only be considered beautiful by engineers.
Before the age of formal calculations, bridge
designers were generally intuitive in their design
plans--they were more artist than engineer. The age
of formal calculations produced a spectacular and
plentiful array of bridges that did not collapse.

The midpoint of our century appears to have been
the starting point in California for a formal blend-
ing of intuitive bridge design with formal calcula-
tions on a normal, continucus basis. The scientific
method has been expanded to include more than the
object to be produced. This object, a bridge, is
subjected to close scrutiny from every conceivable
direction. Decisions concerning its appearance are
no longer the values of one man, but the values of
the recipient community as a whole. Within the Cali-
fornia Bridge Department, the methods and principles
used in assessing these values have been passed from
one "bridge architect" to the next for approximately
the last 60 years.

DISCUSSION

The Team Approach

Before 1956, bridges in California were produced by
an informal working relationship between engineers
and one engineer-architect. After 1956, federal
legislation that defined routes and provided funds
for the Interstate Highway System led the California
Department of Transportation to select the team
approach as the most desirable method for obtaining
high production and good quality.

Every bridge designed for California's highway
system must receive an aesthetic review by a design
team composed of a bridge architect and engineers of
appropriate disciplines before it enters the final
structural design stage. The area surrounding a
bridge site must first be examined to determine the
effect the structure might have on natural or man-
made landscapes, existing or future cultures, and
inhabitants. A harmonious relationship between all
elements of the complete problem must exist for the
project to be successful.

Consideration is given to any existing bridges in
the vicinity that may have special architectural
treatment. Finally, the bridge itself is architec-
turally designed so that it is aesthetically compat-
ible with its route. Special safety measures, new
bridge rails, median, rails, approach rails, or
pedestrian protection, are also given aesthetic
consideration at this time. In order to allow all
concerned interests to perceive the finished rela-
tionships, artists prepare architectural renderings,
photo retouches, and models for display at public
hearings. The public is treated as a paying client.

Total Design

The cooperative effort between engineer and architect
begins at the earliest possible time. Open discussion
of the site and possible solutions can save time and
money. Bridges have been moved to shorten them or
place supporting systems in areas removed from posi-
tions originaily planned.

The engineer is in charge of producing contract
plans. The architect is the engineer's consultant.
Advanced planning studies prepared by the engineers
are reviewed by bridge architects. These reviews
consist of selecting column type, girder edge treat-
ment, and surface treatment. A preliminary architec-
tural sketch is drawn consisting of section, eleva-
tion, and a rough perspective. Cost estimates are
prepared and the suitability of structural design to
architectural features and cost are determined before
work progresses. A separate evaluation for each
bridge in a group is not carried out until a type
selection meeting is attended by representatives
from the Specifications, Structural Design, and
Architectural Design departments; and the appro-
priate supervisors. After discussion, these general
plans become the basis for drawings and models
produced as needed to satisfy the public's demand
for information. Sometimes, the public demands a
particular style of architecture. However, the
general policy is to produce the most efficient
bridge by incorporating aesthetics into the
structural requirements.

Ornamentation

Ornamentation is 1limited to surface textures and
does not interfere with the visually exhibited,
overall purpose of providing structure from one
point to another. The ornament shown in Figure 1 was
generated by a request from the community to
acknowledge the path of the Oregon Trail. A bridge
architect produced a preliminary drawing for com-
munity approval. Figure 2 shows a drawing similar to
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FIGURE 1 Bridge with integral ornamentation.

the contract drawing details. The design was produced
by laminating plywood and inserting it in the forms
before placing concrete. Additional concrete to
produce the design was minimal. The lowest point in
the design represents the normal surface of concrete
without the design. The design was presented as line
drawings within a grid pattern to be enlarged by the
contractor.

Ornamentation on steel structures has been limited
to color. Girders must be painted or fabricated from
Cor-Ten steel. Color applied as a parallel arrange-
ment of different color can produce the impression
of a thinner girder. Cor-Ten steel must be carefully
used to avoid the oxide-drip staining of other
structural parts. It is possible to consider vertical
stiffeners on the exterior girder to be ornamenta-
tion. This type of clutter has been removed and
replaced by a horizontal stiffener on new steel
bridges.

Philesophy

An overall philosophy concerned with bridge and site
must also contain a plan for dealing with the bridge
as a unique item. Total design described the rela-
tionship between engineers and architects. The
architect must have a method to solve the subjective
portion of the problem. A philosophy involving good
design was developed by integrating (1) sound struc-
tural design, (2) function, and (3) appropriate aes-
thetic treatment; and decisions regarding priority
are normally assigned in this order.

Of the three elements, appropriate aesthetic
design is the most difficult to achieve because it
is conceived by intuition, emotion, and experience.
Because a structure primarily affects the visual

| TOTAL LENGTH OF BRIDGE 147'-0"
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senses of man, the aesthetic designer must proportion
and shape his creation so that it is in harmony with
its site, as well as being a pleasing entity in
itself. The component parts must show unity or order,
and should have some variety or contrast to relieve
monotony. The overall view of the structure in its
setting should appear to be in balance; it should
look like it belonged there.

Harmony refers to the basic shape and impression
the completed composition imparts to the viewer. A
simple example consists of placing a structure within
a low-rolling-hills, rural setting. A harmonious
structure would contain some of the visual gualities
of low, rolling hills. The structure would have a
definite horizontal character, as opposed to a ver-
tical character, and would have a smooth surface
texture with curved edges.

Harmony, unity, variety, and balance are the
basic elements of creative composition common to all
the fine arts as well as bridge architecture. These
elements are physically produced in a bridge by the
proper shaping and treating of the structure's com-
ponent parts to give form, line, space, light and
shadow, texture, and color. These are the technical
means for creating all visual artistic expression.

There is general agreement on these broad con-
cepts of what constitutes good design but the tran-
sition from theory to a design on paper is often
difficult. The principles and techniques of aesthet-
ics as applied to bridge design rely on the defini-
tion of a beautiful bridge. The following definition
reflects the observed results achieved by engineers
and architects employed by the California Department
of Transportation Bridge Department's Division of
Structural Design and Construction.

Beautiful Bridge Defined

A beautiful bridge makes a minimal impression on the
environment, has good proportions both in its
integral parts and in the space outlined by its
parts. It is composed of one dominant structural
system using a minimum number of bents with a mini-
mum number of columns per bent. Size, shape, color,
and texture on superstructure, columns, and abutments
are utilized to either call attention to, or play
down, the role of these structural parts.

The relationship of transparency to mass must
also be considered, however. Structural systems such
as trusses, stayed girders, and suspension are more

1

———
o

L R I

3/4" PLYWOOD SHEETS

FORM

PART SECTION
FIGURE 2 Detail of ornamentation.
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transparent than box girders or plate girders. The
ability to see through a structure can convey an air
of mystery or magical quality to the viewer.

Resthetic Qualities of Span Layouts

The span layout f£fixed by structural considerations
can be changed by extending the limits of structure
required. Prestressing a concrete structure illus-
trates this principle. A different type of struc-
tural system can also be used to retain economy even
though the span or spans is lengthened or shortened.
The following situations illustrate aesthetic qual-
ities fixed by the structural layout:

l. A single span represents the ultimate bridge
provided it can be thin enough, and sufficient camber
can be applied to present the appearance of a
straight line without a sag.

2. Two spans cause a split-composition effect in
a natural setting but appear to belong to a freeway
environment (Figure 3).

3. A multiple, even number of spans places a
column in the center splitting the composition and
causing the expected space in the center to be
blocked by a column.

4. A multiple number of odd spans avoids the
problem--there is no column in the center.

5. A three-span, arched girder with haunches
produced by long curves appears especially graceful
(Figure 4).

6. Multiple-span, arched girders appear busy and
tend to disturb structure flow.

\\F

FIGURE 3 Two equal spans.

7

FIGURE 4 Three-span arched girder.

Standard Design

Standard designs have been employed to cope with the
large number of bridges required. Standard refers to
a general design in either concrete or steel re-
flecting the philosophy stated without ornamental
embellishment. The details are standard, not the
bridge. These designs are modified to satisfy various
site conditions. Unusual conditions are dealt with
by producing custom designs. Crossings over large
bodies of water, deep ravines, and pedestrian struc-
tures are representative of custom design. Versatil-
ity in design along with low maintenance and com-
petitive cost has resulted in the majority of bridges
being constructed of concrete, with the box girder
as the dominant structural type.

Abutment

The apparent bridge length (slenderness) is increased
when viewed by using the shortest wing wall length.
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From an aesthetic viewpoint, an abutment reflecting
the features of the mass connecting it to the bridge
should be used. Abutments connecting to earth are
usually concrete with a rough texture. The wing
walls are made as small as possible, and are set
back from the deck to continue part of the shadow of
the deck on the wing wall. Abutments connecting to
man-made structures can often be hidden within the
structure causing the bridge to simply end at the
man-made structure. This basic design of producing
minimal apparent size in abutments enhances the
feeling of lightness in a bridge. Abutments of large
apparent size would only be used to stop visual
movement along the bridge. (The building of defensive
constructions at bridge terminations is not generally
practiced.) Abutments with vertical faces appear
static and stop visual continuity along the length
of the bridge. Bridge length effectively stops at
the abutment (Figure 5).

e B i , ;/ / \ ‘\ N
FIGURE 5 Static lines.

Abutments with sloping faces continue the line of
the deck and rail downward into the ground. The
apparent length of the bridge can be increased and a
feeling of ground integrated with bridge established
(Figure 6).

Columns

Many types OL columns have been used throughout
history, but present-day bridges promote movement.
The historic use of elaborate columns has been to
restrict movement.

FIGURE 6 Dynamic lines.

Standard architectural columns have been desiyned
as a series of modular shapes. Cross sections are
available in round, octagonal, and hexagonal forms.
These forms can be expanded to include a rectangle
between the basic form. A round cross section can
become a cross section that is semicircular at the
edge with flat sides joining another semicircular
edge. This system is used for all the geometrical
forms to increase the load bearing ability of a
single column. Therefore, a minimum number of columns
can be used. The edge column directly adjacent to
the viewer provides the impression of column width
that the viewer normally perceives. This impression
is controlled by 1light reflecting from the column
edge. Octagonal columns appear slimmest as a result
of the greater number of surfaces. The viewer sees a
large area broken up by several planes. Round columns
are affected less and square or rectangular columns
are not affected. The architect can take advantage
of this light reflection by using the principles to
slim down a massive column or increase the apparent

I
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size of a column to offset a massive superstructure.
Column proportions therefore have a large effect on
the aesthetics of bridges.

Columns that appear 1larger than necessary to
support the superstructure are not desirable because
attention is directed away from the primary purpose
of a bridge, which is to provide free movement.
Columns that are obviously needed to support the
superstructure should appear to be of sufficient
size to perform their function. Columns that appear
thinner than the visual requirement impart the feel-
ing of possible collapse to the viewer.

The upper part of standard architectural columns
is curved, arched, or flared to visually integrate
the column with the superstructure. This spreading
outward of the standard architectural column is
designed to be compatible with the sloped exterior
girder of a trapezoidal box girder. Standard, flared
architectural columns are not compatible with verti-
cal exterior girder shapes. A transition between the
column and the superstructure similar to the capital
on classic style columns must be introduced. This
"capital" usually takes a simplified form involving
straight lines tapering in the opposite direction of
the flare for a distance less than the girder depth.
The capital actually becomes an exposed column cap,
or part of an exposed column cap. This treatment is
effective only when the extremities of the flare are
wider than the superstructure.

Flared columns as described previously are de-
signated as one-way-flare columns (Figure 7). They
promote flow perpendicular to the bridge, under the
bridge; therefore, they are directional.

o O
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FIGURE 7 Standard architectural columns with one-way
flare.

Standard architectural columns have also been
designed with two-way flare (Figure 8). These columns
are nondirectional (they do not direct flow in a
particular direction) and are particularly appro-
priate in situations involving more than one bridge,
such as in an interchange. Two-way-flare columns are
more effective from a wvisual judgment because the
flare is evident from any viewing position.

The lower portion of a column must connect with
earth, man-made material, or water. Standard archi-
tectural columns all have vertical lower portions.
while although this may not provide the best solution
aesthetically, it is the only practical solution for
a column that must cope with great changes in height
while retaining the same width at the top.

Columns with their lower portions in water rely
on the structural conditions for their shape. Columns
resting on spread footings or in drilled holes can
appear to disappear into the water. This is a dis-
tinct advantage with fluctuating water levels. Col-
umns in water supported on pile caps must consider
the pile cap as an element in their overall design.
Pile bents exposed as columns are used only when low
clearance dictates the use of thin superstructure.
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FIGURE 8 Standard architectural columns with two-way
flare.

areas where
concerns are

occur in
aesthetic

These situations
restricted
minimal.

The standard architectural columns are the result
of many nonstandard or custom designed columns.
Typical undercrossing, overcrossing, and connector
bridges can use similarly sized columns. The current
series of standard architectural columns is the
second attempt to produce standards to simplify
design and lower construction costs by repetition.

There will always be a need for nonstandard
columns. Special site conditions, such as Figure 9,
require an overcrossing to span a divided highway
with a depression in the center for mass transit.
Inadequate space for one large column presented the
problem of two thin columns resulting in a three-span
structure. The structure depth would have visually
overpowered the columns. The result was a massive-
looking superstructure. Combining all the problems
produced a unique solution with columns and super-
structure in proportion.

usually
passage and

FIGURE 9 Nonstandard architectural column.

Superstructure

Profile View

The profile view describes the structural type such
as arch, post, and lintel, or combined variations of
these types. Sound structural design (1), function
(2), and appropriate aesthetic treatment (3) have
been established as the order of priority. The first
priority must begin with geology to determine where
supports may reasonably be located. The structural
type is therefore dependent on possible support in
order to determine the span lengths. Technology has
made it possible to have single-span lengths of 200
ft in concrete. This base can be expanded by using
steel and adapting continuous span procedure to
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extend the limit. Increasing the apparent height of
the structural type by constructing a truss, combin-
ing a truss with an arch, building towers, and sus-—
pending the deck by stays of suspension cables are
other forms of increasing span lengths.

The problem of economically producing large num=-
bers of bridges necessitates the implementation of a
repetitive process. Basic methods and procedures
must remain as simple as possible; therefore, the
least complicated method and procedure must be the
starting point for selecting structural type. Actual
physical and monetary conditions modify this begin-
ning toward an increasingly complicated probleuw.

A parallel exists in aesthetics. The second and
third priority may modify the choice of structural
system. Bridges comstructed to serve transportation
functions are large structures. Small, complicated,
structural systems are not in harmony with large
size. Therefore, the appropriateness of the struc-
tural system is the most important factor in bridge
aesthetics. This factor can be seen from any distance
from which the bridge can be seen. It is the bridge.
The architect can bring out the aesthetic qualities
of the structural system, but can never change its
basic impression.

Cross—-Sectional View

cross—-sectional view is never directly apparent,
except in the case of towers. The depth and edge
shape of the superstructure exert an influence on
the profile view in the way an overhang produces a
shadow from sunlight. A glimpse of the cross section
can be viewed directly when the abutment is as wide
or wider than the superstructure. The trace of the
superstructure will appear on the abutment wall.
This trace is normally in deep shadow and is not
readily apparent. Bridge orientation regarding sun-
light is important. Without direct sunlight on a
profile view, a silhouette--the structural type--is
all the viewer will perceive. The real depth of the
superstructure can be designed to appear less than it
is by using methods appropriate to the orientation
of the bridge. Sunlight can be reflected by sloping
the usually vertical railing face or girder face as
shown in Figure 10. The apparent depth perceived by

DEPTH MINIMIZING SLOPING GIRDER

FIGURE 10 Depth-minimizing sloping girder.

a viewer passing below the bridge is less than the
vertical projection of the real vertical depth.
Catching sunlight with a vertical face can also
produce the effect of thinning a deep structure
facing in a southerly direction as shown in Figure
11. This structure, Kettleman Lane Overhead, relies
on sloping the girder, abutment, and the wing wall.
This type of slope puts the girder face in shadow
making it difficult to tell where girder and soffit
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FIGURE 11 Kettleman Lane overhead.

intersect (Figure 12). The perceived depth is actu-
ally greater than the real depth. This principle
carried to its maximum produces a curved girder
face-soffit where there is no line defining girder
depth. Coupled with the depth minimizing slope on
the railing and deck, a sculpture is produced (Fig-
ure 13}.

SLOPING GIRDER

FIGURE 12 Sloping girder.

FIGURE 13 Curved Soffit girder.

The contrast between sloping the exterior girder
face and simply relying on shadows cast by an over-
hang on a vertical girder is apparent (Figure 14).
The vertical projection of the girder depth is ap-
proximately equal to the real depth. This type of
girder presents the greatest obstacle to visual flow
under the bridge by presenting the greatest apparent
depth. A shadow on the girder produced by the over-
hang can break up the depth, but the bottom of the
girder will produce a sunlight stripe until the
entire girder is out of the sun. A sun stripe at the
rail and at the bottom of the girder clearly defines
the bridge depth.

Multiple Bridges

Interchanges pose the same problems for superstruc-
tures as for columns. Simplicity and shapes promoting
flow are required elements. Structural types, cross
sections, standard columns, and minimum size abut-
ments are required to avoid greater confusion. Simple
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FIGURE 14 Typical standard bridge.

ornamentation is required to avoid the monotony in-
herent in the ascetic scene described previously.

This ornament can be made an integral part of
concrete structures. Depressions and bumps within an
area framed with smooth concrete produce dramatic
visual contrasts (Figure 15). Color can add to this
contrast.

FIGURE 15 Ornament relieves sterility.

APPLIED PHILOSOPHY

Tuolumne River Bridge

This bridge was built in a canyon. The canyon became
a reservoir (Figure 16 and Table 1l). The span and
clearance reguirements dictated a multi-span struc-
ture. The structure was designed to carry only one-
half of the projected traffic initially. Provision
for widening was required. This bridge improved an
existing entry to Yosemite National Park. The exist-
ing two-lane road contained tight radius curves that
restricted the choice of structural systems. Steel
plate girders were chosen and a wide overhang pro-
vided the method for producing shadow to relieve the
girder depth. Both the concrete deck and the steel

FIGURE 16 Design drawings for Tuolumne River Bridge.
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girders are curved in the plan view, allowing the
shadow produced by the overhang to be parallel to
the top and bottom flanges. A scalloped shadow would
have resulted from using a curved deck and straight
girders.

The concrete columns were specially shaped to
provide resistance to water accelerated by earthquake
forces. The transition from superstructure to column
conforms to the requirement for the suggestion of a
capital when using flared columns with vertical
girders. The necessity of providing for a method of
anchoring future girders to widen the structure
produced the flared column. The mass of this column
at the top was designed to be open in the dark area.
Structural conditions did not allow for an opening;
therefore, a depression painted the color of the
surrounding landscape was substituted to promote the
effect of an open area. Girders were painted the
same color to minimize the impact of the structure
on the surrounding landscape.

Award Received

1972 American Institute of Steel Construction Prize
Bridge-~Medium Span High Clearance.

Archie Stevenot Bridge

A deeper, wider canyon in approximately the same
geographical area as the Tuolumne River Bridge pro-
duced a bridge with an entirely different appearance
(Figure 17 and Table 1). This bridge was also con-
structed in a canyon that later became a reservoir.

Longer spans were required. Therefore steel box
girders or concrete box girders were presented to
contractors as options. The steel box girder was
opted for and constructed with a provision for
widening by increasing the overhang. The necessity
of a wide overhang to provide shadow was not as
evident when a large clearance condition was in
effect. Filling the reservoir, and reducing the
clearance increased the need to reduce the apparent
height of the girders (Figure 17 and Table 1). The
concrete columns were designed as rectangular,
cross-section pyramids. This design recognized the
forces produced by earthquakes and the increasing
water level produced by the reservoir. Column size
was proportional to the exposed height. Renderings
were used to obtain a document to allow all team
members to reach a point of understanding. Photo
retouches produced from the design renderings com-
municated the team's intent to all outside parties,
and models were constructed to clarify design deci-
sions.

Awards Received

1978 American Institute of Steel Construction--First
Place; 1977 U.S. Department of Transportation--First
Place in Outstanding Structure Category, Award for
Best Entry; and 1981 Design for Transportation
Awards--National Award for Design Excellence.

Adams_Avenue Overcrossing

The site for this bridge (Figures 18 and 19, and
Table 1) was an unexcavated depression within the
San Diego city limits. The possibility of building
the bridge in a hole allowed the exterior girder to
be a warped surface due to the relative ease of
constructing formwork.
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TABLE 1 Physical Data

Total Girder Column
Year Span Length Length Denth Height
Bridge Completed  (ft) (ft) (ft) (ft)
Tuolumne River 1971 132, 195, 260 1,394 15 220
350, 260 197
Archie Stevenot 1976 200, 250, 500 2,250 11-26 380
550, 500, 250 Varies
Adams Avenue 1970 110,218, 110 439 6-15 50
East Fork of the Chowchilla 1972 232, 300, 188 720 8.5 min 100
Napa River 1977 150, 175, 230, 250 2,230 7.75-12 100
230, 175, 6@150, 120 Varies
Montana Pedestrian Overcrossing 1979 111, 118, 68 208 4 16
Broadway Pedestrian Overcrossing 1979 143 143 5 min None
California Incline Pedestrian
Overcrossing 1979 164, 141, 42 348 5 Varies
Castellamare Pedestrian Overcrossing 1979 112 112 4 20
West Lilac Road Overcrossing 1978 504 arch 695 7-14 135
(arch above road)
County Road 8 Overcrossing 1968 101, 101 202 6 17

diffusing break-up occurs. If the girder slope varied
to cause the soffit width to become a vertical
projection of the horizontal soffit width at the
point of least girder depth, soffit width would be
constant and a warped, sloped, exterior girder sur-
face would occur. A light reflecting surface dif-
ferent from previous constant slope surfaces would
have been created. This surface combined with sloping
columns could produce a structure with greater visual
continuity than previous sloped exterior structures
without paying the price of large, flat, reflective
surfaces.

Models were constructed to work out the actual
details. Calculating the volume of concrete proved
to be difficult, so a scale model was constructed
and filled with grout. The grout was measured as it
was poured.

Award Received

1969 Portland Cement Association Award of Excellence.

East Fork of the Chowchilla River

Located on the western slope of the Sierra Nevada
Mountains, this three-span structure (Figure 20 and
FIGURE 18 Adams Avenue Overcrossing—model. Table 1) is the southernmost member of the Tuolumne
River, Archie Stevenot Bridge group. A reservoir was
not involved in this project. The isolated 1loca-
tion provides space to allow the large, flat, re-
flective surface of the constant slope box girder to
rclatec to thce cnvironment., A large gsite docs not
require as much surface break-up as a small site to
allow a harmonious relationship between structure
and site. The deck overhang produces a shadow to
accentuate the slim girder depth and create a cap or
a top for the superstructure. Columns form a logical
extension of the superstructure. Renderings and
models were used to develop the design.

FIGURE 19 Adams Avenue Overcrossing—actual. Award Received

1972 Fifth Annual National Scenic Highways Competi-

Bridges with a curved soffit profile change the tion-~First Place in Outstanding Structures Category.

point of intersection between soffit and exterior

girder when the exterior girder is not perpendicular

to the soffit. If the slope remains constant, the Napa River Bridge

soffitt width varies from maximum width at thinnest

girder depth section to minimum width at maximum The southern extremity of the Napa Valley provides
depth girder section. The constant slope girder the site for this multi-span concrete bridge using
produces a flat exterior girder surface. No light- box girders arched over the longest spans to present

i1
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FIGURE 20 East Fork of the Chowchilla River.

the thinnest profile (Figure 21 and Table 1). Arched
or curved soffit girders add interest and variety to
an otherwise repetitive bridge. These forms also help
the structure to relate to the adjacent rounded
hills. The integral column treatment used at the East
Fork of the Chowchilla River would have increased the
perceived size of the total structure, due to the
relatively larger bridge at Napa River.

FIGURE 21 Napa River Bridge.

Single column bents relate by virtue of their
flared, lozenge, cross sections to the curved sof-
fits and sloped sides of the exterior girder faces.
Textured detail provides relief from the expanse of
concrete at the top center of all columns. (Render-
ings were the only visual aids used to prepare this
design.)

Awards Received
1978 Prestressed Concrete Institute Award, and 1982

U.S. Department of Transportation--Second Place in
Major Highway Structure Category.

Pedestrian Overcrossings in Santa Monica

Bridges of different architectural design demonstrate
the effect of public influence on bridges designed
to solve a common functional problem. These struc-
tures provide pedestrian access from Santa Monica to
the beach over busy Route 1. Space along Route 1 is
at a premium, which dictated stairs instead of ramps.

The California Coastal Commission was concerned
about these structures. This concern provided the
opportunity to deviate from completely standard
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design. Pedestrian structures have an additional
element to consider in their design: the direct
users of these structures are people. Therefore, the
scale and detail should make people feel comfortable.
The experience of using the facility should be plea-
sant.

Photo retouches were used extensively in public
meetings held to obtain general approval from the
public. This background helped to obtain approval
from the Coastal Commission.

Montana Pedestrian Overcrossing

The Montana Pedestrian Overcrossing is an example of
a different type of integral column combined with
the height-reducing, sloped girder to create an
integrated structure that reflects light and adds to
the beach atmosphere (Figure 22 and Table 1).

FIGURE 22 Montana Pedestrian Overcrossing.

Broadway Pedestrian Overcrossin

Broadway intercepts an old brick stairway part way
up the hillside. Brick was used as a design element
to carry the stairway theme over Route 1 and tie it
to the beach side. This structure is located less
than 1 mi south of Montana (Figure 23 and Table 1).
Montana has an appearance unlike Broadway yet both
structures are compatible and serve as landmarks due
to their difference.

FIGURE 23 Broadway Pedestrian Overcrossing rendering.

California Incline Pedestrian Overcrossing

A variation on the theme set by Montana. This struc-
ture is located within sight of Montana (Figure 24
and Table 1).

Award Received

1982 U.S. Department of Transportation--Third Place
in Intermodal Facilities Category.
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FIGURE 24 California Incline Pedestrian Overcrossing.

Castellamare Pedestrian Overcrossing

The Castellamare Pedestrian Overcrossing, located
approximately 1 mi north of Montana, bears no resem-
blance to the Montana or Broadway overcrossings,
even though the designer was the same for all three
overcrossings (Figure 25 and Table 1l). The Los
Angeles County Parks Department had definite design
requirements. The structure replaced a 1920-vintage
arch tiled directly to a building of historical im-
portance. The basic design for this structure re-
sulted from grade school competitions. The exposed
aggregate rocks are from a particular beach in Mexico
specified by the Parks Department.

FIGURE 25 Castellamare Pedestrian Overcrossing.

West Lilac Road Overcrossing

West Lilac Overcrossing (Figure 26 and Table 1),
which is located north of San Diego was designed
without input from committees. It was designed by an
architect and an engineer to be built within a cut
section. Before the section was cut, however, every
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FIGURE 26 West Lilac Road Overcrossing.

aspect of aesthetics had to be visualized because
the site did not physically exist during design. A
similar situation existed at Adams Avenue. Models
were used extensively to find and solve the problems
of integrating an arch with a sloping box girder.
Complete integration of column and superstructure
produces a structure more like a gateway than a
bridge.

Awards Received

1978 Portland Cement Association Award of Excellence,
and 1979 Prestressed Concrete Institute Award.

Typical Standard Bridge

County Road 8 Overcrossing is the type of bridge
built to pure engineering considerations (Figure 14
and Table 1l). Bridges built according to this formula
could probably be successful today in award competi-
tions provided they were stretched to their struc-
tural limits by displaying the last word in technical
efficiency. The point is that something must be
added to the basic standard formula to raise the
structure out of its ahsolutely ctandard gituation.
That something is a quality that is achieved by
incorporating either the public's will or engineering
genius. Ideally, it would be a blend of both.

CONCLUSION

Bridges designed to fulfill engineering requirements
without regard for their appearance may be without
aesthetic qualities. Public opinion demands these
qualities. Engineering and aesthetic concerns can
successfully be combined by a team of specialists
working on a large number of bridges with varying
requirements. The team must combine structural,
functional, and aesthetic values using rational
methods. The degree ot success depends on the ability
of all concerned parties to accurately perceive the
completed project. Drawings and models provide the
tools to create an accurate perception.

ACKNOWLEDGMENT

The author wishes to acknowledge Arthur L. Elliot
and Warren S. Ludlow. Their unpublished manual,
"Aesthetics in Bridge Design," written in 1970 for
bridge design practice, forms the basis for this
paper.

Publication of this paper sponsored by Committee on
General Structures.



Transportation Research Record 1044

35

An Experimental Evaluation of Autostress Design

CHARLES W. ROEDER and LIV ELTVIK

Autostress design (ASD) has been proposed (1) as an

ABSTRACT

Autostress design has been proposed as an economical and rational method for
designing steel bridges. It is an extension of existing AASHTO load factor
design, and it utilizes three load level limit states. Limited plastic redis-
tribution of load is permitted during overload and maximum load limit states,
because of the ductility of steel. However, the deflections are controlled to
assure continued serviceability. This concept is somewhat new for bridge de-~
sign, and extensive research has been performed to substantiate the method.
However, it was believed that a full-scale field test was needed to assure that
the autostress method performs as expected under practical conditions. This
paper describes such a test program. In this paper, the bridge, instrumenta-
tion, and test program are described, and the test results are discussed and
analyzed. Theoretical predictions are made and compared to the test results,
and long-term observations of the bridge behavior are noted. The study shows
that the autostress method performs well under service load and overload.
Plastic deformations occurred but they were controlled. Therefore, permanent
deflection and cracking of the concrete deck were minimal, and the design
method should result in satisfactory performance of the bridge for many years.

test is discussed and the test results are analyzed.

economical and rational method for designing steel
bridges. It is an extension of existing AASHTO (2)
load factor design (LFD) and it utilizes three load
level 1limit states. Under service load, the ASD
method has identical design provisions to the LFD
method including factors such as fatigue and deflec-
tion control. However, steel bridges are ductile and
may have considerable reserve strength, because of
plastic redistribution of loads, and so ASD permits
limited yielding during overloads that may occur a
few times in the life of the structure. The deflec-
tions caused by yielding, however, are controlled to
assure continued serviceability. The maximum load
occurs only once or twice in the life of a bridge,
and so the ASD method permits plastic analysis meth-
ods for this load condition.

The concept of deliberate yielding is widely
understood in some types of structural design, but
is new for bridge design. Therefore, extensive re-
search (3-8) has been performed to substantiate the
method. Testing (6,8) of full-scale components has
been performed to verify the load capacity and rota-
tional ductility of bridge girders. A scale model
bridge has been tested (4,7) to verify the general
concept, and linear and nonlinear analyses have been
performed. Thus, the ASD method has been well docu-
mented, but a full-scale field test was needed to
assure that the ASD method performs as predicted
under practical field conditions.

The Whitechuck River Bridge was this test struc-
ture (9,10). The bridge was designed by the ASD
method and was constructed in 1982. A nondestructive
load test, which simulated overload and induced
yielding, was performed immediately after construc-
tion. Strains, deflections, temperatures, and con-
crete deck cracking were measured and observed during
the load test, and a series of long-term observa-
tions were taken for the 2-year period after the
load test.

The results of this test program are presented in
this paper. The bridge is described and the instru-
mentation used during the study is noted. The load

Theoretical predictions are made and compared to the
test results. Finally, a series of long-term obser-
vations are described and compared to the earlier
results. This study shows that a bridge designed by
using the ASD method may perform well under service
load and overload. Plastic deformations occurred but
they were controlled. Therefore, permanent deflec-
tion and cracking of concrete bridge decking were
minimal and so deterioration of the bridge and bridge
deck should not be excessive for this method.

THE TEST BRIDGE

The Whitechuck River is located in the Glacier Peak
area of Mount Baker and Snogqualmie National Forest
near Darrington, Washington. The river is crossed by
an unpaved road that is heavily used by logging
trucks and recreational traffic. There are minimal
constraints on the speed and weight of the logging
vehicles. On occasion, the road is used by heavy
timber yarding equipment that may overload the
structure. A timber truss bridge crossed this river
before 1982, but the U.S. Forest Service determined
that it was not up to the required standards. As a
result, the new bridge was designed by the ASD
method through the joint efforts of the U.S. Steel
Research Laboratory and the Denver Office of the
U.S. Department of Transportation's Office of the
Western Bridge Design. The resulting structure is a
single-lane, 3-span bridge with two continuous,
composite girders and an orthogonal crossing as
shown in Figure 1. The wide flanges are made of ASTM
A588 (AASHTO M222) steel and are relatively shallow
because of the economy achieved with the ASD Method.
The new bridge was designed for AASHTO HS-20
service loads. The overload limit state used a 1.0
load factor applied to the axle loads shown in Fig-
ure 2 plus impact, and the maximum load limit state
used a load factor of 1.3 applied to the overload.
ASD permits controlled yielding during overload and
plastic limit analysis behavior during maximum load.
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FIGURE 2 Design vehicle axle loads for overload
limit state.

This yielding causes residual stress and strain and
permanent deflections. The designers estimated a
permanent deflection of 0.69 in. for the design
overload, and the bridge girders were cambered for

this deflection.

INSTRUMENTATION

Because a load test was performed to simulate over-
load and induce limited yielding before the bridge
was opened to normal traffic, all instrumentation
was installed during the construction process.
Stainless steel bolts were machined, painted, and
bolted to the web of the steel beam to provide ac-
curate, visible targets as shown in Figure 3. Twenty
targets were attached to each beam at 9-10 ft inter-
vals, and deflections of the targets were measured
to approximately 0.01 in. accuracy with theodolites
placed at one of four different stations. The theod-
olites typically had a sight distance of less than
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FIGURE 3 Typical theodolite target used for deflection
measurements,

200 ft, so a 0.01 in.-deflection approximately coin-
cided with 1l-sec of angle. The theodolite supports
were steel pipes filled with concrete and anchored
into a concrete base.

One hundred and twenty strain gauges were at-
tached to the bridge to measure strain level, locate
neutral axis, determine initiation of yielding,
estimate the effective width of the composite slab,
and evaluate bending moments. Ninety-six of the
gauges were attached to the steel, wide flanges in
groups of six at eight locations of each girder as
shown in Figure 4. This arrangement permitted re-
dundancy of measurement and provided an estimate of

=

4 b 6
FIGURE 4 Typical strain gage configuration on the steel beams.

the distributlon of strain over the beam depth and
flange width. Two of the six groups were in the zone
of yielding and were installed to estimate the
initiation of yielding and locate the neutral axis.
The other six locations were in areas that remained
elastic, and they were also used to estimate bending
moments. Four strain gauges were attached to longi-
tudinal reinforcing bars over the bridge piers and
steel girders. They showed the tensile strains in
reinforcement and these strains were correlated to
tensile cracking in regions of negative bending of
the bridge deck. Twenty additional gauges were em-
bedded in the bridge deck to measure concrete strains
and evaluate the effective width. The strains were
measured with a Hewlett Packard HP85 computer and HP
3054A data acquisition system.
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LOAD TEST

Four thermocouples were used to measure the tempera-
ture of the steel girders and extensive material
property tests were performed. Test cylinders were
taken from each concrete mixer load for the deck,
cured at the bridge site, and tested within 2 days
of the load test. The average strength and elastic
modules of the in-situ concrete were much larger
than design values with results of 6.5 ksi and 4,600
ksi, respectively. Properties of the steel wide
flanges and reinforcing bar were also measured and
are given in Tables 1 and 2. Wheel loads of the test
vehicles were measured with portable scales that were
calibrated before the test. Finally, the as-built
geometry was measured before testing and tension
cracks in the concrete deck were monitored before,
during, and after the test.

TABLE 1 Properties of Steel Reinforcing Bar

Bar Size
Properties No. § No. 6
Yield stress (ksi) 84 73
Modulus of Elasticity Based on Nominal Area (ksi) 35,000 36,000
TABLE 2 Properties of Steel Shape
Heat Number
Properties X49411 K49721
Yield Stress (mill report) (ksi) 56.4 to 62.9 57.3
Tensile Strength (mill report) (ksi) 73.8 to 78.3 75.7
Structural Shape W30x 116 W30 x 191
W30 x 191
Static Yield Stress (ksi) 50.1 50.5
Elastic Modulus (ksi) 29,000 29,000

The temperature during the test, which was per-
formed in November 1982, was reasonably constant
(approximately 30°F) during the test, and so thermal
strain had little effect on the results. Two load
vehicles were used with wheel loads and geometry
shown in Figure 5. The original intent had been to
use a single vehicle with the axle loads and spacing
of the Skagit BU-99 unit shown in Figure 2, but at
the time, no such vehicle was available. Discussions
with representatives of logging firms in the area
suggest that the axle loads of Figure 2 do not rep-
resent a real vehicle, since yarding equipment is
usually custom built to customer specifications
around a general model. Thus, the two vehicles of
Figure 5 were a compromise selection. Both vehicles
exceeded the normal HS-20 service load condition,
and the combination of the two vehicles simulated
the overload limit state.

Eighteen major load points, LP1 to LP18, and
eleven minor load points (LPlA, LP2A, etc.) were
used in the load test. LPl1 through LP3 simulated
service load conditions and no yielding was ex-
pected, since a single vehicle was used. Although a
single vehicle was used in LP4 and LP5, 1limited
yielding was expected because the loads were applied
at critical locations (near the curb and with the
heavier, longer vehicle straddling the piers). LP6,
7, 8, and 9 all used both vehicles back-to-back and
near the curb as shown in the photo of Figure 6.
Significant yielding was expected during LP6 and
LP7, but little or no yielding was expected during
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FIGURE 5 Wheel weights and axle geometry for two test vehicles.
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FIGURE 6 Photograph of two test vehicles applied simultaneously
back-to-back during LP6.

LP8 and LPY9, because of the Automoment (1,11,12)
formed during earlier yielding (i.e., the structure
experiences shakedown) .

The trucks were moved into position for each of
the load points, and strains and deflections were
measured after a 15-min delay. The delay permitted
completion of all yielding before measurements were
made. The concrete deck over the bridge pier was
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closely examined for tension cracks at each load
point. Concrete cracking was smaller and less wide-
spread than expected. A single tension crack formed
over approximately the center of each pier during
the test (see Figure 7). The cracks started initia-
tion during LP2 and were formed or were visible on
the deck surface through LP9. The cracks were not
visible on the deck surface after the loads were
removed.

LP6.

The results of these tests clearly indicate that
yielding occurred during the test program. Figure 8
is a plot of the measured deflections of the bridge
girders with no load applied at various times during
the test. It can be seen that permanent deflections
started to develop early in the test and generally
continued to increase through LP7A, but remained
essentially constant after LP7A. This suggests that
yielding started at LPl1 and continued through LP7,
when shakedown occurred. The maximum permanent de-
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flections were 0.16 and 0.11 in. for the north and
south girders, respectively. This permanent deflec-
tion is considerably smaller than the 0.6 in. pre-
dicted by nonlinear analysis for the test vehicles.

The measured strains also indicated that yielding
started early in the test but stopped after LP7.
Figure 9 shows the strain in the reinforcing bar in
the bridge deck over the steel girders and interior
piers with no loads on the bridge. Tensile residual
strain develops at these locations when plastic
deformation occurs, and Automoments form. These
residual strains first developed at the west pier,
because LPl1 and LP2 used loads on the west and cen-
ter spans only. After LP7, the residual strains did
not change and the structure remained elastic.

The strain gauges on the steel girders were used
to locate the neutral axis and measure the curva-
ture. Figure 10 shows the measured permanent curva-
ture for LP2A, LP4A, and LPBA, Curvature generally
increases during the early load points and remains
essentially constant after LPBA. Curvature at the
interior piers is caused by yielding of the steel.
The smaller curvatures noted in the spans is elastic
curvature caused by positive residual bending moments
[i.e., the Automoments (1,12)]. These curvatures are
small and of opposite sign to that noted at the
piers. The experimental data of Figure 10 are con-
nected with straight lines for simplicity, but the
curvature distribution between measured points would

be quite different for the actual structure,

The previous data indicate that yielding occurred
due to overload of the structure. However, the
yielding started sooner than was expected and the
permanent deflection and concrete cracking were
smaller than was anticipated. Figure 11 helpes +o
illustrate why these unexpected results were noted.
This figure shows the reported camber of the steel
girders in the fabrication shop, the camber with
computed, elastic, dead load deflections removed,
and the absolute deflection of the bridge girders at
the start of the test. (Note that the deflections
shown in Pigure 8 and all later figures are relative
to this absolute value.) The figure shows that the
actual dead load deflection was larger than expected.
The girders were cambered by the flame-cambering
process, and this process, when combined with hot-
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FIGURE 8 Measured deflections of bridge girders with no loads on the bridge.
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FIGURE 9 Measured strains in the reinforcing bar in the bridge
deck over the steel girders and interior pier with no load on the
bridge.

rolling, introduces residual stresses approaching
the yield stress (13). The residual stresses caused
the steel to yield during placement of the dead
load, and permanent deflection had occurred before
any live load was applied. These plastic dead load
deflections were larger at the east end because the
deck concrete was placed from east to west. During
the load test, yielding continued through LP1 to
LP7, but the permanent deflections were much smaller
than expected during these later loads, because much
of the permanent deflection had already occurred.
Fabrication residual stresses affect the order and
time of yielding but they have no impact on the
ultimate strength of the bridge girders (12,13).

West Eind
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COMPARISON OF THEORETICAL PREDICTIONS WITH
TEST RESULTS

A series of linear, elastic, theoretical predictions
were performed (9,10) using the average measured
material properties and bridge geometry, and the
results were compared with the experimental observa-
tions. Figures 12 and 13 are typical comparisons for
the deflections and bending moments, respectively.
These comparisons showed that the concrete curb and
steel guardrail significantly contributed to the
bridge stiffness, and therefore had to be considered
in the elastic analysis and prediction of bending
moments. Further, the uncracked stiffness of the
concrete deck was used even in the region of nega-
tive bending. The uncracked stiffness provided good
comparison between theoretical predictions and ex-
perimental observations and agreed well with the
observation that little deck cracking occurred dur-
ing the load test. The actual in situ concrete had
an average strength that was 85 percent larger than
the design value. This stiff, strong concrete prob-
ably contributed to the minimal cracking that was
observed. This stiff material also necessitated the
use of uncracked concrete stiffness and contributed
to the small permanent deflections, since these
permanent deflections are elastic deflections due to
positive residual moments (1), such as Automoments.
The distribution of load between girders was also
studied. One simple method, which is commonly used
in design, distributes the loads to the individual
girders by simple transverse equilibrium. This meth-
od implicitly assumes that the torsional stiffness
of the bridge is warping stiffness, and it resulted
in much larger moment and deflection predictions for
the heavily loaded girder when the bridge was ec-
centrically loaded as shown in Figures 12 and 13. A
more refined analysis including Saint Venant and
warping torsion stiffness (14,15) was then used and
much better comparison with experimental data re-
sulted as shown in Figures 12 and 13. The experi-
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FIGURE 10 Measured curvature of the bridge girders with no load on the bridge.
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FIGURE 12 Measured and computed deflections for load point LP2

mental data shown in Figures 12 and 13 include the
permanent deflections and Automoments caused by
ylelding, while the theoretical predictions do not.
Therefore, the experimental data should overestimate
the theoretical deflection and underestimate the
positive and bending moment by approximately 8 per-
cent. This comparison indicates that the Saint Venant
torsion stiffness caused by the thick concrete deck
dominated the solution, and the more refined analy-
sis clearly provided more reliable results. Saint
Venant torsion helped to distribute the load between
the girders and reduced the maximum strains and
deflections in the beams.

LONG-TERM OBSERVATIONS

A series of long-term observations were made at
approximately 6-month intervals for the 2 years

following the load test. These were to verify shake-
down and assure that no deterioration in the struc-
tural performance had occurred. Deflections were
measured in the early morning while the bridge was
in thermal equilibrium (i.e., the temperature was
essentially constant throughout the bridge). This
negated thermal deflections, and the resulting
changes in bridge deflections over the 2-year period
can be seen in Figure 14. The changes were con-
sistently less than 0.02 in., which represents the
statistical reliability of the measuring technique
(9). Few outlying data points can be seen but those
that can be seen have long sighting distances and
potentially larger errors.

Cracking of the concrete bridge deck was also
carefully monitored. At the end of the load test, a
single tension crack existed in the bridge deck over
the interior piers. The crack was closed and not
visible on the deck surface unless live loads were
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FIGURE 14 Measured change in permanent deflection observed during the two years following

the load test.

applied, but it could be seen on the underside of
the deck, which was smooth. The size of these cracks
did not grow during the long-term observation period,
and they may have become smaller. However, the number
of cracks increased slightly during this period. In
October 1984, two small cracks could be seen over
the west pier and three over the east pier. They are
approximately 12 in. apart, and visible on the smooth
underside of the deck only. In view of these obser-
vations, it is believed that no additional yielding
of the bridge girders occurred during the 2 years
following the load test, and the bridge deck shows
no tendency toward deterioration.

SUMMARY AND CONCLUSIONS

The ASD method is a new design method that permits
limited, controlled yielding during the overload and

maximum load limit states. The Whitechuck River
Bridge was designed by this method, constructed,
Joad tested, and observed. The bridge performed well
during this period as only controlled yielding of
the steel occurred during overload and the permanent
deflection and tension cracking of the concrete deck
were less severe than expected. After the yielding
occurred, the structure remained elastic for all
future loadings. Long-term measurements substantiate
these load test observations. The deck surface was
nearly straight at the end of the test, and the
bridge should have a normal service life before it.
The following conclusions are made:

1. The thick concrete slab helped to distribute
the loads between the bridge girders. This reduced
the maximum strains and deflections in the bridge
girders well below simple design predictions. Tor-
sional analysis methods that include warping and
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Saint Venant torsion provide a reasonable estimate
of this reduction.
2. The permanent deflections and tension crack-
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with the ASD method since they represent possible
sources of serviceability and deterioration problems
within the bridge. This test program appears to
suggest that these concerns may be overstated. The
ASD method has the unique advantage that limited
yielding is anticipated. This yielding is accounted
for with additional camber. Virtually all cambering
methods cause large residual stresses, and these
residual stresses induce early yielding when live or
dead loads are applied. However, they do not affect
the ultimate strength of the structure. Therefore,
much of the permanent deflection may be completed
before the concrete is hardened and live loads are
applied. This 1is consistent with the Whitechuck
Bridge observations and other earlier (13) research
results.
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Coupling Joints of Prestressing Tendons in

Continuous Post-Tensioned Concrete Bridges

FRIEDER SEIBLE

ABSTRACT

Large cracks and ruptured tendons encountered in the coupling joint vicinity of
post-tensioned, continuous concrete bridge structures in the Federal Republic
of Germany have, in recent years, led to an intensified bridge inspection pro-
gram and extensive investigations. The results of the inspection program and
the investigations into the probable causes for the encountered cracks are sum-
marized and discussed in this paper to provide a basic understanding of the
complex behavior of these coupling joints. Low fatigue stress limits for tendon
coupler assemblies and stress crack corrosion are shown to be the main reasons
why cracks in the coupling joint vicinity are so detrimental to the structural
integrity. To avoid these cracks in the seemingly insensitive vicinity of the
point of inflection for sustained loads, special design considerations have to
be made in determining possible moment variations at that point. The highly
nonlinear behavior in the construction and coupling joint vicinity due to tendon
anchorages, coupler forces, and temperature differences has to be understood
and accounted for. Special detailing has to be provided for the increase in
loss of prestress force in the coupler, which is shown to cause substantial
concentrated forces. With the understanding of the complex coupling joint be-
havior, possible rehabilitation measures for damaged bridge structures are pre-
sented and important design considerations for new bridge structures are sum-

marized.

The serviceability and safety of existing concrete
structures can often only be judged by visual in-
spection of the concrete surface for cracks.
Although virtually every concrete structure features
fine surface cracks or hairline cracks that originate
early in the life of the structure as a result of
differences in heat of hydration and shrinkage, it
is the larger cracks with crack widths of approxi-
mately .01 in. or more that generally point to some
structural deficiency or potential problem. The for-
mation of cracks and their penetration to the pre-
stressing reinforcement is of particular importance
in prestressed concrete structures because of the
increased susceptibility of high-strength steel to
stress crack corrosion and the significant reduction
in structural capacity with the loss of one or more
of the prestressing tendons.

Prestressed concrete members have been extensively
and economically used in bridge construction during
the last 30 years, simply supported for short- and
medium-span bridges and continuous for large-span
bridges. Routine inspections of these bridge
structures have revealed a variety of problems
ranging from bearings to transition joints and from
support settlements to cracks in the superstructure.
A repetitive occurrence of deficiencies in similar
types of structures generally points to a common
design problem. The purpose of this paper is to de-
scribe, summarize, and evaluate one of these prob-
lems--cracks in the vicinity of coupling joints of
prestressing tendons in post-tensioned, continuous
concrete bridges.

EXPERIENCE WITH COUPLING JOINTS IN EXISTING
BRIDGE STRUCTURES

Routine bridge inspections in the Federal Republic
of Germany almost 20 years ago showed an increased

occurrence of cracks in the vicinity of coupling
joints of prestressing tendons in continuous, post-
tensioned concrete bridges (l). However, it was not
until 1976 when a bridge structure near Diisseldorf
showed an increase in the width of these cracks of
up to .1 in. (approximately .2 mm) that subsequent
radiographic scans revealed ruptured tendons in the
bottom soffit at the construction joint where the
post-tensioned threadbars had been coupled during
the span-by-span construction of the superstructure
(1) .

These findings started an intensified inspection
of all the prestressed concrete bridges in the Fed-
eral Republic of Germany and other European coun-—
tries. In December 1980, the Ministry of Transporta-
tion released results of that investigation (2). At
this time, a total of 2,431 prestressed concrete
bridge structures with 11,458 spans had been in-
spected. Classification criteria for the inspection
were: (a) no cracks, (b) cracks that are smaller
than .01 in. (< .2 mm) in width, and (c) crack
widths at or beyond that limit. The seemingly arbi-
trary .0l in. (approximately .2 mm) crack width cri-
terion (3) is based on the fact that smaller cracks
remain dgenerally unnoticed with simple visual in-
spection and that cracks below that criterion have
generally only limited penetration and thus can be
considered harmless. Cracks at or above this width
criterion are not proven to be detrimental to the
structural integrity; however, with increased use of
deicing salts on bridge structures and increasing
levels of acid pollutants in the environment, cracks
at or above that limit can have enough penetration
to cause potential problems for the reinforcement.

The results of the investigation (2) are given in
Table 1, where the total bridge population is sub-
divided into bridges with and without coupling
joints. Table 1 gives bridge structures with and
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TABLE 1 Results of Bridge Inspection, Status 12-31-80
Ministry of Transportation, Federal Republic of Germany (2)

Withnnt With

Prestressed Concrete Coupling Coupling

Bridge Structures Joints Joints Total

No cracks 1,477 (88%) 196 (12%) 1,673 (100%)
(80%) (34%) (69%)

Cracks < 0.2 mm 187 (54%) 160 (46%) 347 (100%)
(10%) (27%) (14%)

Cracks > 0.2 mm 184 (45%) 227 (55%) 411 (100%)
(10%) (39%) (17%)

Total 1,848 583 2,431
(100%) (100%) (100%)

without cracks not only by number, but also in
parentheses, the individual percentage distributions
with respect to corresponding top or left-column
reference values. It can be seen that the bridges
with coupling joints show not only a tendency toward
having more cracks than bridges without coupling
joints, but also a tendency toward wider cracks.
While the statistics in Table 1 are for all cracks
encountered in a bridge structure, it also is in-
teresting to note that 104 bridges-—almost one-half
of the 227 bridges (cracks > .2 mm) with coupling
joints--showed these cracks in the direct vicinity
of the coupling joints. It should be noted that the
survey (2) includes only bridge structures with
coupling joints built before 1977, at which time
substantial changes in the code provisions for cou-
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FIGURE 1 Coupling joint.
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pling joint design were introduced into the West
German Standards for prestressed concrete.

CRACK DEVELOPMENT IN COUPLING JOINT VICINITY

The coupling of prestressing tendons as shown sche-
matically in Figure 1 is primarily used for medium-
span, continuous, post-tensioned bridge structures
with a large number of repetitive spans. Two con-
struction methods that proved to be economical in
these cases were the span-by-span construction with
traveling self-supporting falsework and the incre-
mental launching method (see Figure 2). Bridge
cross-sections most frequently used for these methods
are shown in Figure 3. While expensive scaffolding
is no longer needed, both methods rely on the early
post-tensioning of each new section to the already-
built bridge structure. This is accomplished by cou-
pling the prestressing tendons in the construction
joints (see Figure 4)., In the span-by-span construc-
tion method, the construction and coupling joints
are generally located at the theoretical point of
inflection for sustained loads (combined dead load
and prestressing) and it is at these locations that
severe cracking parallel to the construction joints
was encountered in the bottom soffit and lower web
portions of the bridge structure.

Substantial investigations of these phenomena
(3-7) have led to the following possible causes
pointing to inadequate design for:

* Variations of sustained loads,

: Secondary moments and nonlinear stress dis-
tributions resulting from temperature differences,

* Time-dependent moment redistributions,

* Support settlements,

* Nonlinear (local) stress state in coupling
joint,

* Increased loss of prestress in coupling joint,

* Inaccuracies in prestressing force due to
friction, and

* Heat of hydration and creep and shrinkage
differences in adjacent members with different di-
mensions.

Although most of the preceding points are common
problems in bridge design, their implication in the
particular case of a coupling joint at the point of
inflection of a bridge structure is of importance.

quence — [ i 111
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FIGURE 2 Construction methods with coupling joints.
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Variations in Point of Inflection and Design Moments

Construction joints are placed at the point of in-
flection for sustained loads to minimize the amount
of reinforcement required at that section. Generally,
only minimum reinforcement or a minimum amount of
prestress will be provided in the design. However,
the location of the point of inflection can change
because of variations in the sustained loads (e.g.,
variations in dead load and prestressing forces),
thus introducing moments at the design point of in-
flection (6). If these moments are superimposed with
possible variations in the determination of secondary
temperature effects, support settlements, and over-
estimated moment redistributions in the structure
due to the span-by-span erection process and creep
and shrinkage, the design moment at this location
can change significantly, not only in magnitude but
also in sign. Small moment changes in areas of large
design moments are generally sufficiently provided

for by the applied load and safety factors, whereas
areas of small design moments do not have this
built-in safety feature and have to be much more
carefully evaluated for these moment variations (see
Figure 5). Although this is the case in all con-
tinuous bridge structures in the vicinity of the
point of inflection for sustained loads, problems
may arise if this area is weakened by a construction
joint and, in addition, by tendon anchorages and
couplers.

Nonlinear Stress Distribution

The temperature distribution over the depth of a
bridge structure is generally parabolic with extreme
values at the top and bottom fibers (6). Most analy-
ses account for the linear portion of the resulting
stress distribution by assuming a certain tempera-
ture difference, AT, over the structural depth and
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neglect the nonlinear self-equilibrating stress
state.

Anchorage zones of prestressing tendons are known
to require special design considerations to allow
the proper transition from locally, highly concen-
trated forces to distributed stress states over the
structure. In most cases, these anchorage zones
coincide with the member ends where simple supports

BhImmn mmawsd Ta demmmmmdtdeen

and zero moment conditions provide an insensitive
environment to the nonlinear anchor stresses.

In cases where tendons are anchored, overlapped,
or terminated within the structure, flexure and
anchor forces act simultaneously. However, in the
majority of these cases, only one or two of the
tendons are anchored in one section, while the re-
maining tendons provide not only continuity, but
also a fairly uniform state of stress over the entire
member. Sufficient back anchorage reinforcement as
well as the splitting reinforcement common to all
anchor zones treats the anchor problem locally, while
still, lincar stress distributions and the plane sec-
tion hypothesis are applied for the overall member.

The problem of nonlinear stress distributions is
intensified in a construction joint which, in itself,
disrupts the homogeneity of the structure. If, in
one construction joint, a large number and, in some
cases, all, of the post-tensioning tendons are tem-
porarily anchored and then subsequently coupled and
reloaded, the stress state in the coupling joint
vicinity will be far from linear and plane sections
will not remain plane. Thus, overall stress states
in the structure have to be designed with significant
allowances for the highly nonlinear behavior in these
sections. Only substantial reserves in the available
compressive stresses avoid local tensile zones where
potentially dangerous cracks can form.

Loss of Prestressing Force in Coupler

Another phenomenon complicating the local stress
states in coupling joints is the difference in loss
of prestress in the tendon and the coupler itself.
The simple assumption of a uniform time-dependent
shortening of the entire member would result in a
uniform strain increment Aec4g due to creep
and shrinkage over the entire member length. With
Young's Modulus Eg assumed to be the same for both
prestressing tendons and coupler, the simple theory
of elasticity shows direct proportionality between
the loss of prestress force, P, and the cross-sec-
tional area of the tendon. However, this area can be
substantially larger in the coupler than in the
strand or bar as a result of the use of lower
strength material, which suggests significant pre-
stress losses in the coupler.
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A commonly accepted formula for the prestress
loss due to creep and shrinkage in a single tendon
adopted in the CEB-FIP Model Code for Concrete
Structures (8) and originally developed by Ruesch
(9) takes the interaction between the prestress force
and the amount of creep into account

fps,c+s = legBg + n 0 (£2,pp, + £2,p))
Il -n (£2,5/3s) 1 + (6/2)] (1)
where

fps,c+s = prestress loss due to creep and
shrinkage,

eg = shrinkage coefficients (0.00032),
¢ = creep coefficient (2.0),
n = Eg/E, with Eg = 29 x 10° ksi
(7.0) ,
fe.pL = concrete stress at tendon level due
) to NI,(0),
fc,p = concrete stress at tendon level due
to P,
fps = tensile stress in tendon = P/APS,
and

superscript o = time at transfer.

With creep and shrinkage coefficients according
to Reference 8 for general outside conditions and

assumed tc be

£o,pL 2assumed gligible at the point of

negligible the

inflection, Equation 1 can be transformed to the
loss of prestress in the tendon as

P[%] = [(-9.28 + 14.0 £2 )
(PP - 14.0 £8 p Apg)) Apg (2)

with PO representing the initial prestress force in
the tendon at transfer. For tendons made up of indi-
vidual strands
vidual strands with P° being directly proportional
to Apg, Equation 2 proves to be independent of the
tendon size (number of strands).

A plot of Equation 2 for a low level of fQ , =
~500 psi and a high level of fg, = -2000 psi shows
the range of prestress loss dependent on the normal-
ized prestressed steel area in Figure 6. The normal-
ization is with respect to the tendon area (cross-
section of prestressing strands or bars) with the
coupler area expressed as a multiple of the tendon
area.

For an arbitrary prestressing tendon and an aver-
age value of compressive stress fg , Figure 6 shows
a 13 percent loss of prestress force in the tendon
while in a coupler that is 5 times the cross-sec-
tional area of the tendon the loss of prestress force
would amount to 46 percent. For a tendon. comprised
of 12 x 0.6 in. diameter strands, with P® = 0.7 fpu X
AES = 492.2 kips, the prestress losses amount to 64
kips and 226 kips in the tendon and coupler, respec-
tive