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Bridge Formula Development 
JAMES S. NOEL, RAY W. JAMES, HOWARD L. FURR, 

FRANCISCO E. BONILLA, and LLOYD R. CA YES 

ABSTRACT 

The objective of this research was to review the existing bridge formula to de
termine whether modifications could be suggested to make it more rational. The 
intent was to more fully use the capacity of existing bridges without signifi
cantly shortening the service life of any. A formula, independent of the number 
of included axles, was developed to accomplish the objective. As is the current 
formula, it is applicable both to the overall wheelbase and to all included sub
groups of axles. The maximum weights for single and tandem axles were assumed to 
be unchanged. If enforced, the proposed formula assures that HS 20 bridges will 
not be loaded to more than 1.05 times the design stress, nor will H 15 bridges be 
loaded to more than 1.30 times the design stress. The formula reduces the maximum 
weight allowed on four or more closely spaced axles. However, for most practical 
lengths, the formula is less restrictive than the current law. A brief study of 
the influence the proposed formula would have on pavement fatigue was accom
plished. For most practical heavy vehicles, the formula would result in a greater 
number of equivalent axle loads per vehicle. One equivalent axle load causes the 
same pavement fatigue damage as a single 18,000-lb (80.06-kN) axle. The number of 
equivalent axle loads is commonly used as a measure of the fatigue damage a heavy 
vehicle inflicts on the pavement. A detailed study of the effect that the adoption 
of the proposed formula would have on pavements is recommended. Such a study 
should consider costs, benefits, and potential formula modifications. 

In this paper is described a study of the bridge 
formula currently prescribed in the Surface Trans
portation Assistance Act (STAA) of 1982 for regulat
ing truck weights on certain federally funded road
ways. This bridge formula, often referred to as Table 
B (or Formula B), has received criticism from both 
users and transportation officials for being basi
cally unfair in terms of the stress levels generated 
in various bridge spans and types by different axle 
combinations. The most compelling criticism concerns 
its applicability to long, many-axled vehicles, which 
are also being studied under the STAA of 1982, for 
which the formula would allow unreasonably high loads 
should the current 80,000-lb (355.7-kN) maximum gross 
weight be increased. 

The problem is complicated by the variability in 
bridge carrying capacities. This is primarily because 
different bridges were originally designed to d if
feren t strength levels. Two of the most common of 
these strength levels are termed H 15 and HS 20 by 
the AASHTO bridge specifications, in which the HS 20 
is significantly stronger than the H 15. This nota
tion for strength levels actually refers to the hy
pothetical truck loading used for the bridge design. 
The HS 20 design truck, which has a semitrailer, 
actually weighs more than twice the weight of the H 
15. About 95 percent of the bridges on the Interstate 
system are rated as HS 20 or better. In general, none 
are classified as less than H 15. The percentage of 
HS 20 bridges on the primary and secondary highway 
systems, however, is significantly lower. 

J.S. Noel, R.W. James, H.L. Furr, and F.E. Bonilla, 
Texas Transportation Institute, The Texas A&M Uni
versity System, College Station, Tex. 77843-3135. 
L.R. Cayes, FHWA, U.S. Department of Transportation, 
Turner Fairbanks Highway Research Center, 6300 
Georgetown Pike, McLean, Va. 22101. 

HISTORIC BACKGROUND 

The first significant federal legislation concerning 
truck weights was contained in the Federal Aid High
way Act of 1956, which initially provided for the 
planning, financing, and construction of the National 
System of Interstate and Defense Highways. This bill 
provided that no funds would be used for the Inter
state system in any state that allowed vehicles with 
a single axle weighing more than 18,000 lb (80.06 
kN), a tandem axle of 32 ,000 lb (142. 3 kN), and a 
gross weight of 73,280 lb (325.9 kN). However, a 
"grandfather clause" provided that any vehicle that 
operated legally within a state before the passage 
of the law could continue to operate legally after
wards. 

In 1964 the Highway Research Board prepared and 
submitted to Congress, via the Secretary of Commerce, 
House Document 354. This document contained a de
tailed review of the trucking industry and of the 
regulations governing the operation of heavy ve
hicles. Further, it recognized the large capital in
vestment the nation had in these heavy vehicles, 
their importance to the nation's commerce, and their 
wear and tear on the nation's highway system. Find
ings of the document were partly based on results of 
AASHO Road Tests performed in the late 1950s. Prob
ably the most important recommendation made in that 
document was that Table B, a tabulation of permis
sible weights of axle groups, depending on the number 
of axles and the overall length of the group, be 
adopted for the Interstate system. In addition, it 
suggested that the single axle limit be increased to 
20,000 lb (88.96 kN) and the tandem axle limit to 
34,000 lb (151.2 kN). 

It is important to note that a footnote to Table 
B flatly prohibited the operation of certain short
wheelbase, multiaxle trucks over H 15 bridges. The 
point was clearly made in the document that such 
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vehicles would overstress the H 15 bridges by more 
than 30 percent, a situation the authors of the 
document clearly viewed as intolerable. 

Little happened in response to these reconunenda
t ions, however, until 1975, when the U.S. Congress 
enacted legislation allowing the states to increase 
the weight limits on the Interstate system to those 
of Table B, The allowable single axle weight was in
creased to 20,000 lb (88.96 kN) and the tandem axle 
weights increased as reconunended in the document. 
Further, the allowable gross vehicle weight was in
creased to a maximum not to exceed 80,000 lb (355.8 
kN) from 73,280 lb (325.9 kN). It is generally be
lieved that this legislation was passed in an attempt 
to restore to the industry the productivity lost be
cause of the imposition of the 55-mph (88.5-km/hr) 
speed limit in December 1973. 

The most recent legislation is referred to as the 
Surface Transportation Assistance Act of 1982 (Act 
of Jan. 6, 1983, Pub. L. No. 97-424, 96 Stat. 2097-
2200) .The vehicle weight limitations sections (2123-
2124) of the act read as follows: 

VEHICLE WEIGHT, LENGTH, AND 
WIDTH LIMITATIONS 

Sec, 133. (a) Section 127 of title 23 
of the United States Code is amended to 
read: 
[Section] 172. Vehicle weight limita
tions--Interstate System 

"(a) No funds authorized to be appro
priated for any fiscal year under provi
sions of the Federal-Aid Highway Act of 
1956 shall be apportioned to any State 
which does not permit the use of the Na
tional System of Interstate and Defense 
Highways within its boundaries by vehicles 
with a weight of twenty thousand pounds 
carried on any one axle, including en
forcement tolerances , or with a tandem 
axle weight of thirty-four thousand 
pounds, including enforcement tolerances, 
or a gross weight of at least eighty 
thousand pounds for vehicle combinations 
of five axles or more. However, the maxi
mum gross weight to be allowed by any 
State for vehicles using the National 
System of Interstate and Defense Highways 
shall be twenty thousand pounds carried 
on one axle, including enforcement tol
erances, and a tandem axle weight of 
thirty-four thousand pounds, including 
enforcement tolerances and with an over
all maximum gross weight, including en
forcement tolerances, on a group of two 
or more consecutive axles produced by ap
plication of the following formula: 

W 500 ( ~~l + 12 N + 36) 

where W equals overall gross weight on 
any group of two or more consecutive axles 
to the nearest five hundred pounds, L 
equals distance in feet between the ex
treme of any group of two or more con
secutive axles, and N equals number of 
axles in group under consideration, except 
that two consecutive sets of tandem axles 
may carry a gross load of thirty-four 
thousand pounds each providing the overall 
distance between the first and last axles 
of such consecutive sets of tandem axles 
is thirty-six feet or more: Provided, That 
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such overall gross weight may not exceed 
eighty thousand pounds, including all en
forcement tolerances, except for those 
vehicles and loads which cannot be easily 
dismantled or divided and which have been 
issued special permits in accordance with 
applicable State laws, or the correspond
ing maximum weights permitted for vehicles 
using the public highways of such State 
under laws or regulations established by 
appropriate State authority in effect on 
July 1, 1956, except in the case of the 
overall gross weight of any group of two 
or more consecutive axles, on the date of 
enactment of the Federal-Aid Highway 
Amendments of 1974, whichever is the 
greater. Any amount which is withheld from 
apportionment to any State pursuant to 
the foregoing provisions shall lapse. This 
section shall not be construed to deny 
apportionment to any State allowing the 
operation within such State of any 
vehicles or combinations thereof which 
the State determines could be lawfully 
operated within such State on July 1, 
1956, except in the case of the overall 
gross weight of any group of two or more 
consecutive axles, on the date of enact
ment of the Federal-Aid Highway Amendments 
of 1974. With respect to the State of 
Hawaii, laws or regulations in effect on 
February 1, 1960, shall be applicable for 
the purposes of this section in lieu of 
those in effect on July 1, 1956. With re
spect to the State of Michigan, laws or 
regulations in effect on May 1, 1982, 
shall be applicable for the purposes of 
this subsection. 

"(b) No State may enact or enforce any 
law denying reasonable access to motor 
vehicles subject to this title to and from 
the Interstate Highway System to terminals 
and facilities for food, fuel, repairs, 
and rest." 

The equation is Formula B from which the weights 
of Table B are calculated. These limitations are the 
same as those in Table B, with the 80,000-lb (355.8-
kN) gross weight cap. An exception to the bridge 
Formula B was instituted in the 1974 act and this 
permitted the maximum weight of tandems spaced 36 ft 
(10.97 m) to be 68,000 lb (302.5 kN). 

FORMULA DEVELOPMENT 

An important first step in deriving a new bridge 
formula to assure specified stress ratios are not 
exceeded in any H 15 or HS 20 bridge is to identify 
the lightest and therefore critical bridges. This 
means finding, for each span, the bridge type that 
has the least dead load moment and shear. Data were 
collected from the files of the l'IIWA 11nd from ston 
dard designs of state highway departments to find 
these minimum weight bridge types. When these light
est weight bridges had been found, it was possible 
to define the loads that would cause specific stress 
levels in each span length. This procedure was fol
lowed for bridges of both H 15 and HS 20 design. 

For example, uniformly distributed loads of every 
length between 8 and 120 ft (36.58 m) were placed on 
the lighest weight bridges of every span to evaluate 
what total load would cause 1. 3 times the design 
stress in H 15 bridges and 1. 05 times the design 
stress in HS 20 bridges. This multitude of calcula
tions was expeditiously completed with a microcom-
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puter and resulted in a unique weight for each 
uniform load length and each bridge design. These 
maximum loads were then plotted versus length. It 
was determined that the H 15 bridges with the 1.3 
factor dictated the lesser loads up to lengths of 
about 70 ft (21.34 m). For the longer lengths, the 
HS 20 bridges with the 1.05 factor controlled. 

Two straight lines were drawn near these results 
and yielded the formula shown in Figure 1. These two 
straight lines are shown superimposed over a plot of 
Table B as modified by the STAA of 1982. The equa
equations of the two lines are 

w 
w 

(34 + L) 1,000 lb 
(62 + L/2) 1,000 lb 

8 ft < L < 56 ft 
56 ft < L 

Figure 1 shows that the suggested formula would re
duce the loads allowed on the shorter axle groupings 
as was originally recommended by the footnote to 
Table B in House Document 354. 

Application of the proposed formula is to all 
contiguous subsets of axles in the vehicle. When 
calculating the allowable weight of such a subset of 
axles, the wheelbase (L) is the extreme axle spacing 
in that subset. 

In addition, the current limits for single axles 
[20,000 lb (88.96 kN)] and tandem axles spaced 4 ft 
(1.219 m) [34,000 lb (151.2 kN)] are retained. Al
though a rigorous economic study of the costs of 
pavement damage compared with the increased trans
portation productivity was beyond the scope of this 
study, a brief review of the AASHTO Road Test results 
led to the conclusion that if these limits were re
tained and the proposed formula were adopted, some 
additional pavement fatigue damage would result. 

ASSUMPTIONS 

The assumptions used to make the calculations de
scribed previously are, in general, those made by 
the analyst during the design of a bridge. For ex
ample, the impact formula used in the current AASHTO 
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W (34+L) 1 000 
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Standard Specifications for Highway Bridges was as
sumed to be valid. Similarly, the number and weight 
of trucks on the bridge in the direction of travel 
and in adjacent lanes were all as dictated by the 
design specifications. Finally, the detailed distri
bution of the load to the several types of members 
supporting the deck was assumed to follow the design 
rules. 

It is recognized that there is continuing debate 
about the validity of each of these assumptions, but 
it is doubtful that the resolution of any one of 
these debates would alter the results of this study. 

One other assumption worth noting is that all 
bridge design ratings were assumed to be as new. No 
allowance was made for deterioration due to age or 
prior service. 

STRESS LEVELS CAUSED BY PRACTICAL VEHICLES 

The effectiveness of the proposed formula for limit
ing weights of practical vehicles for specified 
overstress ratios 1.05 for HS 20 bridges and 1.30 
for H 15 bridges is evaluated by comparing the cal
culated critical weights of selected practical 
vehicles with the curve defined by the proposed 
formula. The proposed formula is effective in allow
ing significantly more weight than does the present 
formula for many practical vehicles. This is done 
without exceeding the design total stress, dead load 
plus live load plus impact (DL + LL + I), by more 
than a specified percentage: 30 percent in the case 
of H 15 bridges and 5 percent in the case of HS 20 
bridges. 

FATIGUE CONSIDERATIONS 

The fatigue behavior of highway bridges is influenced 
primarily by stress range. The stress range is equal 
to the (LL + I) stresses; therefore any changes in 
truck weights will result in increased fatigue load
ing on highway bridges and a corresponding increase 

w (62+L/ 2)1000 lb 

Table 9 Formula 

(N~1 + 12N + 36 ) 500 lb 

CJ 
20 

Note: L is the wheelbase length in feet of any axle group, 

N is the number of axles In that axle group, and 

10 W Is the gross weight in pounds of the axle group . 

0 
(1 ft = 0.3048 m, 1000 lb = 4.448 kN) 

a 20 40 60 80 100 

Wheelbase Length, L (ft.) 

FIG URE I Proposed formula shown superimposed on the current Table B formula. 
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in maintenance costs if the increased fatigue loading 
causes stresses that are above the fatigue endurance 
limits. To evaluate the significance of the proposed 
formula for the fatigue lives of highway bridges, it 
is necessary to make several simplifying assumptions. 
It is assumed that existing bridges are loaded in 
flexure to design allowable stresses by design 
vehicles. Design allowable stresses are a function 
of the design lifetime in loading cycles and the weld 
detail category. It is assumed that flexure governs, 
and shear is not checked. Because existing single-, 
tandem-, and triple-axle bogies are not changed, 
shear stresses are not expected to increase as sig
nificantly as flexure stresses. Further, only simple 
spans were evaluated. 

For each span checked, the maximum moment caused 
by the maximum legal weight vehicles and the maximum 
moment due to the design live load were calculated. 
With the assumption that the stress range due to the 
design loading equals the allowable stress range, 
the stress range due to the maximum weight vehicles 
is calculated by multiplying by the appropriate mo
ment ratio. 

The calculated stress ranges are compared with 
the allowable fatigue stress ranges. The ratio of 
the calculated stress range to the allowable stress 
range does not exceed 1.05, except for a small range 
of spans for all the practical vehicles considered 
for commonly used structural steels. For most spans 
and details, the increased stress range is still well 
below the allowable stress range. Span-detail combi
nations that are most affected by the proposed form
ula are the more critical details in maximum moment 
regions of longer, 120- to 160-ft (36.57- to 
48.77-m), spans. 

PAVEMENT CONSIDERATIONS 

In recognition that the passage of heavy vehicles 
causes fatigue damage to pavements as well as to 

W =Gross Vehicle Weight 

4 .0 
'~''' 

3.5 
c 
< 
0 
...I 3.0 
w 
...I x 2.5 < 
I- Propoaed fonnu'• z w 2 .0 
...I 
< > 
5 1 !i 
0 
w 
...I 1.0 < 
I-
0 
I- 0 .6 Flexible Pavement 

0.0 
20 30 40 50 60 

OVERALL WHEELBASE (ft.) 
( 1 ft. = 0 .3048 m) 

(a) 382 Vehicle 
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bridges and that the country's investment in pavement 
is several times larger than that in bridges, no 
change should be made in the bridge formula without 
considering the consequences of the change for the 
pavements. The analytical assessment of the impact 
of such a change on pavement life is not as 
straightforward as it is for bridges. It is generally 
accepted that heavy axles, and very short groupings 
of axles, are more damaging to pavements whereas 
gross vehicle weights, or longer groupings of axles, 
are more damaging to bridges. 

One measure of the fatigue damage heavy vehicles 
exert on pavements is termed the "equivalent axle 
load." The equivalent axle load compares the fatigue 
damage done by a single axle, or grouping of axles, 
with the damage done by an 18,000-lb (80.06-kN) axle. 
So an 18,000-!b (80.06-kN) single axle is arbitrarily 
assigned an equivalent axle load value of 1. 0. A 
single axle, or grouping of axles, that causes twice 
as much damage as an 18,000-lb (80.06-kN) axle is 
given an equivalent axle load value of 2.0. Tables 
of equivalent axle loads for single and tandem axles, 
on different types of pavement surfaces, have been 
tabulated and published. These tables are based pri
marily on the results of the AASHO Road Test com
pleted in the late 1950s, during which the deterio
ration of various pavement surfaces under repeated 
heavy truck loadings was observed. 

These tables make it possible to estimate the 
number of equivalent axle loads that results from the 
passage of any given heavy truck. If a truck has two 
widely spaced axles weighing 18,000 lb (80.06 kN) 
each, for example, it could be said that the passage 
of that truck generated 2. 0 equivalent axle loads. 
Another truck with three 18,000-lb (80.06-kN) axles 
would generate 3. 0 equivalent axle loads and would 
be considered 50 percent more damaging to the pave
ment. Closely spaced axles have an interactive ef
fect, but equivalent axle loads for tandem axles 
(groups of two axles jointly suspended) are also 
tabulated. This makes it possible to calculate the 

4.0 

c 3.5 

< 
0 
...I 3 .0 
w 
...I x 
< 2.5 
I-z 
w 
...I 2 .0 
< > s 1. 6 
0 
w 
:ii: 1.0 () 
::::> a: 
I- 0 . 5 

0.0 
20 

(W- 12) / 4 
(W-12)/4 

12k (W-12) /4 I W-12)/4 

Propooed Fonnulo 

Current Formula 

Flexibile Pavement 

30 40 50 60 

OVERALL WHEELBASE (ft.) 

(b) 281-2 Vehicle 

FIGURE 2 Equivalent axle loads per vehicle for proposed and existing formulas. 
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number of equivalent axle loads generated by most of 
the heavy truck configurations currently in use. 

These calculations were made for trucks that con
form to the current bridge formula and for trucks 
that conform to the proposed bridge formula and the 
results were compared. These comparisons for two 
common truck configurations are shown in Figures 2a 
and 2b. Figure 2a is for the 3S2, a semitrailer truck 
with a steering axle and two tandems (commonly re
ferred to as the 18-wheeler). Figure 2b is for the 
2Sl-2, a semitrailer truck with a full trailer on 
two axles; it has a steering axle with four widely 
spaced single axles. 

For very short and very long vehicles, the 
equivalent axle loads per truck are about the same. 
For the short ones, those with wheelbases less than 
about 36 ft (10.97 m), the proposed formula would 
lead to smaller equivalent axle loads per truck. If 
the 80 ,000-lb (355. 8-kN) maximum gross weight per 
vehicle is maintained, the proposed and current for
mulas come together at wheelbases just over 50 ft 
(15.24 m) and are identical for all longer lengths. 

However, in the intermediate lengths, the equivalent 
axle loads per truck are significantly greater, in 
some instances by as much as 20 percent. These in-
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termediate truck lengths, 36 to 50 ft (10.97 to 
15.24 m), are common, and the increase in equivalent 
axle loads would certainly have a detrimental effect 
on the wear-out rate of pavements. 

It appears that the average equivalent axle load 
per vehicle will probably increase if the proposed 
formula is adopted. Even so, this increase would be 
more acceptable if it could be shown that the 
payload per equivalent axle load increased as a re
sult of the change. Figures 3a and 3b show the gross 
vehicle weights versus wheelbase and plots of the 
assumed payloads divided by vehicle equivalent axle 
loads. These payloads were calculated by subtracting 
an arbitrary vehicle empty weight of 25,000 lb 
( 111. 2 kN) from the gross vehicle weights. Disap
pointingly, the payload per equivalent axle load was 
found to decrease, if only slightly, for vehicles 
that comply with the proposed formula. 

The calculations and comparisons of the equivalent 
axle loads per truck are evidence that the new bridge 
formula, as stated and without further modification, 
would indeed be detrimental to pavements. Currently, 
pavement deterioration rates are higher than ever, 
and a change in the bridge formula should not be al
lowed to magnify that problem. As a result, it is 
recommended that a detailed study of the influence 
of a bridge formula change on pavements be initiated 
with the goal of suggesting additional modifications 
that would permit the formula to be used without 
causing unacceptable pavement deterioration. One al
ternative such a study could consider would be to 
reduce the allowed maximum single and tandem axle 
loads to coincide with the adoption of the new for
mula. 

CONCLUSIONS 

The adoption of the proposed bridge formula would 
bring some changes to the geometry and distribution 
of truck loads on the axles and bogies. In many cases 
higher payloads would result without bringing ex
cessively higher stresses to structural bridge mem
bers. If overall length limits or maximum gross 
weights should ever be increased, the formula would 
continue to be effective for protecting bridges 
against damaging overstresses, not necessarily a 
feature of the current formula. 

The proposed formula is independent of the number 
of included axles and as such should be simpler to 
understand and easier to enforce than is the present 
formula. 

The proposed formula is based on engineering ra
tionale, although several controversial assumptions 
are used. 

If the proposed bridge formula is not enforced, 
irrespective of what form of the formula is being 
used, bridges are apt to have foreshortened service 
lives because of fatigue. 

The indiscriminate issuing of overweight truck 
permits, especially those issued on a periodic or 
annual basis, is equally apt to result in fore
shortened bridge service lives. 

Adoption of the proposed bridge formula, without 
any change in the maximum single and tandem axle 
loads, will cause an increase in the average equiva
lent axle load per truck. This is often considered 
the primary measure of the fatigue damage a vehicle 
causes to pavement. So, although the proposed formula 
will satisfactorily protect the bridge structures, 
there is real concern about its effect on pavements, 
a consequence that should be carefully evaluated be
fore any changes are made. 

Publication of this paper sponsored by Committee on 
General Structures. 
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Further Studies on Lateral Load Distribution 

Using a Finite Element Method 

CLIFFORD O. HAYS, Jr., LARRY M. SESSIONS, and ALAN J. BERRY 

ABSTRACT 

A computer program, SALOD, has been written for the Florida Department of Trans
portation to evaluate the lateral load distribution characteristics of simple
span bridges in flexure. Bridges may be prestressed concrete girder, steel girder, 
T-beam, or flat slab. The program uses moment influence services generated by the 
STRUDL finite element system for representative simple-span bridges determined by 
a statewide survey. Up to three vehicles are placed in er i tical locations to 
determine the maximum distribution factors. The effect of span length, which is 
neglected in AASHTO, was found to be considerable. AASHTO results were found to 
be slightly unconservative for short spans and quite conservative for longer 
spans. Field testing, reported elsewhere, has been completed on eight bridges. 
Comparisons of results from finite element models and measurements of applied 
truck loading have been generally good. Comparisons of flexural distribution fac
tors from SALOD and the Ontario Highway Bridge Design Code (OHBDC) for prestressed 
girder bridges showed generally good agreement. However, OHBDC indicates more 
sensitivity to girder spacing than does SALOD. AASHTO simple-span results compare 
quite well with SALOD for exterior girders. A limited study of shear distribution 
factors for girder-slab bridges showed that shear distribution factors do not vary 
significantly with span length and that AASHTO factors appeared adequate for de
sign. 

Lateral load distribution based on flexure in highway 
bridges has been the subject of previous research at 
the University of Florida (1). The AASHTO procedure 
for computing flexural distribution factors is gen
erally used for bridge design by the Florida Depart
ment of Transportation (FOOT) and tends to be overly 
conservative for analyzing infrequent bridge over
loads, which causes unnecessary rerouting of vehicles 
in some circumstances. 

A computer program, Structural Analysis for Load 
Distribution (8ALOD), was developed in prior research 
to compute accurate flexural distribution factors 
for a variety of girder-slab bridges under specific 
vehicular loading. The SALOD program uses a data base 
of influence surfaces that were generated using the 
finite element method of analysis with the STRUDL 
software package available on the FOOT computer sys
tem. The program has proven useful to the FOOT not 
only for large overload vehicles but also in evaluat
ing bridges for legally permitted standard vehicles 
that may cause larger moments than AASHTO design ve
hicles because of close axle spacings. 

A brief summary of the SALOD program, comparisons 
of the flexural distribution factors obtained using 
SALOD and the recommendations of the Ontario Hiqhway 
Bridge Design Code (OHBDC) for a wide range of pre
stressed concrete girder bridges, and a brief study 
of shear distribution in prestressed concrete girders 
are presented. In addition, field studies were made 
to verify the finite element technique used in de
veloping the SALOD program. These studies, reported 
elsewhere (_~) , demonstrated that the SALOD program 

c.o. Hays, Jr., Department of Civil Engineering, 
University of Florida, Gainesville, Fla. 32601. L.M. 
Sessions, Florida Department of Transportation, Tal
lahassee, Fla. 32310. A.J. Berry, Post, Buckley, Scuh 
& Jernigan, Inc., 3715 Northside Parkway, N.W., 
Atlanta, Ga. 30327. 

could be used to obtain accurate predictions of 
flexural lateral load distribution. 

SALOD COMPUTER PROGRAM 

The SALOD program computes flexural distribution 
factors (or effective widths) for the following 
simple-span bridge systems: (a) pres tressed concrete 
girders, (b) cast-in-place T-beams, (c) steel gir
ders, and (d) flat slabs. A bridge can be loaded with 
as many as three standard (vehicle data stored in 
the program) or nonstandard vehicles. The program 
arranges the vehicles and locates them on the bridge 
in such a manner as to produce the maximum midspan 
girder moment. The distribution factor is computed 
as the ratio of this moment to half the simple beam 
moment due to one of the vehicles. 

The midspan girder moment is obtained through the 
use of midspan moment influence surfaces. A perma
nently stored data base of influence surfaces has 
been generated for the four bridge types previously 
listed using the finite element method of analysis 
in conjunction with the McAuto STRUDL software pack

agli (~) , which is available on the FOOT computer 
system. The selection of important bridge parameters, 
their range, and specific values within that range 
to be included in the data base was based on a 
statewide bridge parameter survey, practicality, and 
preliminary studies. 

The SALOD program uses interpolation and a limited 
amount of extrapolation between the combinations of 
specific bridge parameter values represented in the 
data base to obtain an influence surface for the ac
tual bridge data input for analysis. The SALOD pro
gram generates a mesh for the bi: idge 1.Jeing analyzed. 
This mesh is similar to the mesh used in the finite 
element model that was used to develop the set of 
influence surfaces for that particular bridge type. 
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The moment at midspan is computed by (a) distributing 
each wheel load to the finite element nodes, (b) 
multiplying each nodal load by the corresponding 
interpolated influence value at that node, and (c) 
sununing the values obtained for all the wheel loads 
on the bridge. The maximum moment and critical loca
tions of the vehicles are found by performing this 
operation with the vehicles systematically positioned 
at various longitudinal and lateral locations; ve
hicle spacing and clearance requirements are taken 
into consideration. For the girder bridges, this is 
done separately for each girder. 

SALOD Finite Element Modeling 

The following list gives the major assumptions and 
decisions made while developing the finite element 
models (Figure 1) • 

1. Linearly elastic behavior was assumed. This 
follows conunon practice (_!) and results in a safe 
distribution of girder moments due to the ductile 
behavior of girder-slab bridges (5). 

2. All girders, including the exterior girder, 
were assumed to have the same moment of inertia. 

3. Plate bending elements were used for the fi
nite element model of the bridge deck. Standard frame 
elements were used to model the girders and dia
phragms. 

4. The deck elements over the girders were arti
ficially thickened to increase the transverse plate 
bending stiffness of the slab due to the girders for 
prestressed girder and T-beam bridges. 

5. On the basis of the statewide survey, slab 
thickness was taken as 7.0 in. for prestressed girder 
and steel girder bridges and 7. 5 in. for T-beam 
bridges. A study (1) showed that slab thickness has 
a minor effect on influence surface values. 

6. Ten elements per half-span were used in the 
longitudinal (Y) direction for all the finite element 
models except that for flat slabs. 

7. Two elements over the girders and four ele
ments between adjacent girders were used in the 
lateral (X) direction for prestressed girder and T
beam bridges. Steel girder bridges had six equally 
spaced elements between girder centerlines. 

l---2£A_C_I_tlG _ _ --t 

PRESTRESS 
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8. For T-beam models, the ratio of girder spacing 
to girder width was held constant at five. Natesaiyer 
(~) showed that this gave generally good results for 
a wide range of actual T-beam dimensions. 

9. Composite action between girders and deck slab 
was assumed for T-beams and prestressed girders; 
steel girders may be composite or noncomposite. Ef
fective slab width was calculated on the basis of 
standard AASHTO reconunendations, which are acceptable 
because minor variations in moment of inertia have 
little effect on influence surface values (1). 

10. A torsional moment of inertia (J) ~f 20 in.• 
was used for steel girder bridges. Small J-values 
have little effect on load distribution <l>· For all 
T-beam bridges, a torsional moment of inertia of 
10,000 in.• was used. For prestressed girders, the 
torsional moment of inertia was obtained from a 
previous finite element solution (!!_). 

11. Diaphragms with an 8- x 54-in. cross section 
were used only at the span ends for prestressed 
girder and steel girder bridges. Variation in the 
moment of inertia of end diaphragms had a negligible 
effect on influence values (1). End diaphragms were 
omitted from the T-beam model. Intermediate dia
phragms were omitted from all models for simplicity 
because it has been shown that they often have a 
negligible effect on load distribution (~,_!Q). 

12. Half-span bridge models were used because of 
their structural synunetry about midspan (critical 
moment location) • 

13. The boundary conditions at midspan were set 
such that the midspan moments would be taken only by 
the girders and the slab moments at midspan would be 
neglected (prestressed girder and steel girder 
bridges). This simplification is acceptable because 
a study showed that the moment taken by the slab is 
negligible except for short spans (1). However, slab 
centerline moments were included fo~ T-beam bridges, 
which generally have short spans. 

General Assumptions and Procedures 

The following list gives some general assumptions 
and procedures used in developing SALOD. 

1. The maximum moment was assumed to occur at 
midspan. This is not true for a series of concen-

STEEL 

a) Typical Cross Sections of Girder Bridges 

n r1 
tth [~ ....... t ......__._+__.__.___.__....___.__,_+__,[J. ts 

~ ELEllENTS .j • 6 ELEMENTS I 
PACED EQU/\LL Y SP/ICED EQU/\LLY 

• Gird er [1 ement> 

b) Representation of Basic Bridge Models 

FIG URE 1 Typical section view of slab and girders. 
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trated loads; however, a study showed that the dis
tribution factor is not significantly affected <!> . 

2. The modulus of elasticity was computed using 
the American Concrete Institute (_i) recommendations 
for normal weight concrete. 

3. Concrete 28-day compressive stress (f'c) of 
3,400 psi was used for the deck slab as required by 
FOOT specifications. 

4. Standard AASHTO pre stressed concrete girder 
Types II, III, and IV were used with a 28-day f'c of 
5,000 psi. 

5. Only four-, five-, and six-girder bridges were 
considered. Studies (1,11) showed that a six-girder 
SALOD solution may be-ufi'ed to obtain generally con
servative results for bridges with more than six 
girders. 

6. The moment of inertia for steel girder bridges 
was calculated at the midspan cross section. A study 
showed that variation in moment of inertia along the 
span due to cover plate cutoff had little effect on 
influence surface values at the centerline of bridges 

<!> · 
7. Bridge skew was neglected. This will generally 

give conservative results for girder-slab bridges 
(12). 

8. Standard FOOT vehicles stored by the SALOD 
program were SU 2, SU 3, SU 4, C 3, C 4, and C 5. 
Also, H 20 and HS 20 standard AASHTO vehicles were 
stored in the program. Nonstandard vehicles can be 
input by the user. 

9 . For vehicle clearance limitations used by the 
SALOD program, the vehicles' wheels are assumed to be 
9 in. wide. As applied loads, they are assumed to act 
as concentrated point loads. 

10. Wheel loads are distributed to adjacent nodes 
assuming a series of simple stringers is acting. 

11. A travel lane of 12 ft with a 10-ft load lane, 
which can be shifted to any position in the travel 
lane, is used to determine spacing limitations be
tween vehicles for multiple vehicle loading (Figur e 
2) . These spacing limits were developed using stan
dard AASHTO vehicles; however, for nonstandard 
vehicles with different widths, the same spacing 
limitations are followed. 

FORCE COMPUTER PROGRAM 

The FORCE program was developed as a labor-saving 
aid in the analysis of bridges by the finite element 
procedure using the STRUDL software package. The 
program sets up a full-span finite element model for 
simply supported prestressed concrete girder, T-beam, 
steel girder, and flat slab bridges; computes the 
nodal loads for as many as three simultaneously act
ing vehicles placed at any location on the bridge; 
and generates a STRUDL program that can subsequently 
be executed. Many of the assumptions used in the fi
nite element models that are generated by FORCE are 
similar to those previously described for the SALOD 
program. However, FORCE has more generality than 
SALOD and thus can be used for a wider range of 
bridges than permitted by SALOD. FORCE was used ex
tensively in the shear studies and field studies (2) • 
Details on the FORCE progr.am are available elsewh~re 
(ll). 

DETAILED COMPARISON OF SALOD AND OHBDC 
FLEXURAL DISTRIBUTION FACTORS 

The OHBDC (13,14) method for computing flexural dis
tribution fact;;rs takes span length, girder spacing, 
and stiffness properties into consideration. A com
parison of SALOD and OHBDC distribution factors may 
help mutually reinforce their validity. 
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FIGURE 2 Lane loading hy standard vehicles. 

OHBDC Method 

The method used by OHBDC for computing flexural dis
tribution factors was developed using orthotropic 
plate theory and checked by the grillage analogy 
method (15-17). Various bridge parameters such a s 
s lab stiffness (longitudinal and transverse), girder 
moment of inertia and torsional inertia, bridg e 
width, span length, and girder spacing are combined 
to obtain two dimensionless parameters ( a and e) 
that characterize the orthotropic plate. Graphs, 
which are plots of a versus e at various D-values 
(ratio of total longitudinal moment to the maximum 
intensity of longitudinal moment per unit length), 
are presented in the code. Depending on the number 
of lanes, separate graphs are included for interior 
and exterior girders along with a graph for deter
mining a lane-width correction factor. To analyze a 
bridge, first a and e are computed, then the 
proper graph is chosen to obtain a D-value. The D
value is then corrected to account for bridqe width. 
The final corrected value (Dal is used to compute 
the distribution factor / equal to S/Da, where S is 
the girder spacing. 

OHBDC Modification Factors and 
Cri t ica l Loading 

In the development of the OHBDC graphs, modification 
factors were used to account for the probability of 
the presence of multiple vehicles on a bridge. The 
modification factors used were l.O, 0.9, and 0.8 for 
one, two, and three vehicles, respectively. Also, 
the graphs were developed on the basis of the criti-

I 
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cal loading case. For example, a three-lane bridge 
could be loaded with one, two, or three vehicles 
simultaneously. The theoretical D-values were divided 
by the appropriate probability modification factor. 
To make a direct comparison with SALOD, the same 
modification factors were applied to the SALOD re
sults. 

Bridge and Loading Parameters Studied 

The bridges used in this study were analyzed by 
SALOD and OHBDC and the results are presented in the 
form of a parametric study. There are two separate 
sets of graphs--one set for interior girders and one 
for exterior girders. Additional curves are included 
elsewhere (11). 

The graphs showing the effect of span length are 
shown in Figure 3 for interior girders and in Figure 
4 for exterior girders. The bridges used in this 
study had five Type III prestressed concrete girders 
spaced at 7.0 ft with span lengths of 30, 60, 90, 
and 120 ft. The overhang was selected as 3. 0 ft to 
conform closely with OHBDC maximum overhang require
ments. In the analyses, three design lanes with a 
width of 12.0 ft were used. This was slightly con
servative because the bridge was only 34 ft wide. 
The bridge was loaded with one, two, and three stan
dard H 20 vehicles. The SALOD solution for one H 20 
vehicle was never critical for interior girders and 
the modified three-ij 20 solution was never critical 
for exterior girders. Therefore, these two curves 
were omitted from the corresponding graphs. 

The sets of graphs showing the effect of girder 
spacing are shown in Figure 5 (a and b) for interior 
girders and in Figure 6 (a and b) for exterior gir
ders. The bridges used in this study had a constant 
distance of 28 ft between- centerlines of exterior 
girders with an overhang of 3. 0 ft on each side. 
Bridges with span lengths of 30, 60, 90, and 120 ft 
were used. However, results are shown herein for only 
the 30- and 120-ft spans. Each bridge had four, five, 
or six Type III prestressed concrete girders with 
corresponding 9.33-, 7 .o-, or 5.6-ft spacings, re
spectively. All other conditions were the same as 
previously described for the span length study. 
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FIGURE 3 Variation of SALOD and OHBDC flexural distribution 
factors with span length for interior girders. 
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FIGURE 4 Variation of SALOD and OHBDC flexural distribution 
factors with span length for exterior girders. 

Discussion of Results 

Figure 3 shows that the distribution factor varies 
significantly with span length for both SALOD ancl 
OHBDC solutions. Both show about the same percentage 
change in the distribution factors with changing 
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FIGURE 5 Variation of SALOD and OHBDC flexural distribution 
factors with girder spacing for interior girders. 
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FIGURE 6 Variation of SALOD and OHBDC flexural distribution 
factors with girder spacing for exterior girders. 

span; however, the critical SALOD curve is generally 
conservative, compared with that of OHBDC, by about 
B percent. This can be attributed mainly to two 
averaging processes used by OHBDC when idealizing 
the bridge as an orthotropic plate. First, this 
method uses a smeared, or average, stiffness across 
the width of the bridge, whereas SALOD accounts for 
the exact position o f increased stiffness due to the 
girders. Second, OHBDC graphs are based on moments 
that are averaged over a certain transverse width of 
plate to eliminate highly localized intensities of 
longitudinal moments resulting under concentrated 
loads as predicted by orthotropic plate analysis 
(12_). 

Figure 5 (a and b) compares the distribution fac
tor variation with girder spacing at different span 
lengths. The critical SALOD distribution factors are 
always slightly conservative compared with those from 
OHBDC. The difference changes slightly depending on 
span length and girder spacing; however, both methods 
show essentially the same variation in the distribu
tion factor with girder spacing. 

Figure 4 shows the variation of SALOD and OHBDC 
distribution factors with span length for exterior 
girders. Both methods exhibit the same trends with 
span length variation. The critical SALOD values are 
about 10 percent higher than those of OHBDC. However, 
Figure 6 (a and b) illustrates that the OHBDC dis
tribution factors show a much more pronounced effect 
with changing girder spacing than SALOD. The method 
used by OHBDC for averaging the peak moments may be 
less accurate for exterior girders than for interior 
ones because of eccentric loading. Also, the exterior 
girder distribution factor is quite sensitive to 
vehicle positioning relative to the position of the 
exterior girder. 
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DESIGN COMPARISONS OF SALOD, AASHTO, AND 
OHBDC FLEXURAL DISTRIBUTION FACTORS 

The previous comparison was used to help validate 
the SALOD and OHBDC procedures. It is also interest
ing to compare the results that would be used for 
design by AASHTO, OHBDC, and SALOD. The bridge data 
used for the following comparison are the same data 
used in developing Figures 3 and 4 for the previous 
SALOD and OHBDC comparison. Figure 7a shows the 
variation of er i tical interior girder distribution 
factors with span length for SALOD, AASHTO, and 
OHBDC. Figure 7b shows the same variation for ex
terior girders. The OHBDC curves are based on those 
in Figures 3 and 4 except that the SALOD distribution 
factors are now modified according to the AASHTO 
probability factors of 1.0, 1.0, and 0.9 for one, 
two, and three vehicles, respectively. The AASHTO 
distribution factors are computed as S/5.5 for in
terior girders, and the simple-beam criterion recom
mended by AASHTO is used for exterior girders. 
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FIGURE 7 Variation of SALOD, AASHTO, and OHBOC flexural 
distribution factors with span length. 

In Figure 7a for interior girders, it can be seen 
that AASHTO, which neglects the span lenQth effect, 
matches OHBDC for the 30-ft span length and agrees 
with the SALOD results for the 60-ft span length. 
SALOD and OHBDC both become less conservative with 
increasing span length and differ by about 17 per
cent. This large difference is the result of OHBOC's 
having more liberal modification factors than AASHTO 
and other reasons discussed previously. Also, it 
should be noted that the basic design vehicles 
specified by the Ontario code (13) are heavier than 
those recommended by AASHTO ( 18) • Both SALOD and 
OHBDC show a definite span length cffect--;ibout a 22 
percent change in the distribution factor between 
the 30- and 120-ft span lengths--whereas AASHTO shows 
no span effect. 
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Figure 7b for exterior girders shows that SALOD 
agrees well with the AASHTO simple-beam results. The 
OHBDC distribution factors are again lower than those 
computed by SALOD. The effect of span-length on the 
distribution factors for exterior girders is quite 
small. 

SHEAR STUDIES 

The distribution of shear in girder-slab bridges has 
received little attention in previous literature. 
The OHBDC gives recommendations for design based on 
studies using the grillage analogy method for devel
oping shear distribution factors (_!l) • 

Shear Distribution Study for Prestressed 
Concrete Girder Bridges 

Variations of shear and moment distribution factors 
along the span lengths for exterior girders and crit
ical interior girders were determined using STRUDL 
finite element models generated by the FORCE program. 
These variations were plotted along with the results 
obtained using the SALOD program and OHBDC. Both 
shear and moment distribution factor variations were 
plotted because AASHTO recommendations for computing 
the shear capacity of pres tressed concrete girders 
include an equation for the combined effect of shear 
and moment. The STRUDL and SALOD distribution factors 
were modified using OHBDC probability factors for a 
direct comparison of methods. 

Bridge and Loading Parameters 

The bridges used in the following studies are the 
same as those used in the flexural distribution fac
tor study presented in this paper, except the 120-ft 
span bridges are not included in the shear study. 

Vehicle loading for all bridges consisted of one 
H 20 and then two-H 20 standard AASHTO vehicles. All 
vehicles were facing in the forward (positive Y) 
a irection. The er i tical lateral positioning of the 
vehicles to create the maximum girder shear was ob
tained by using the vehicle and bridge clearance 
limitations used by the SALOD program (Figure 2). 

In the longitudinal direction, seven loading 
positions were used for Load Position 1, and the 
vehicles were positioned with their rear axle at the 
span end (Y = 0). For Load Positions 2 through 7, 
the vehicles were positioned with their rear axle at 
Y/L equal to 0.05, 0.1, 0.2, 0.3, 0.4, and 0.5, re
spectively (where Y is the distance from the span 
end and Lis the span length). 

STRUDL Distribution Factors 

Finite element solutions were obtained with the 
vehicles at each of these load positions. The dis
tribution factors were computed by dividing the out
put shears and moments by one-half of the corres
ponding simple-beam shears and moments at the same 
locations. 

OHBDC Shear Distribution Factors 

Shear distribution factors used for design by the 
OHBDC (lJ. 11.i) are based on bridge type, number of 
lanes, and a correction factor that is used when the 
girder spacing is less than 2.0 m (6.56 ft). Also, 
OHBDC does not distinguish between exterior and in
terior girders for shear. 

variation of Distribution Factors 
Along Span 

11 

Complete results of this shear study are presented 
elsewhere (11) in graphs similar to those shown in 
Figures 8 and 9. The figures show the var ia ti on of 
shear and moment distribution factors along the span 
computed using STRUDL. Also the results from SALOD 
and OHBDC are included. The SALOD distribution fac
tors are based on and shown only for flexure. 

As can be seen in these graphs, for interior gir
ders, the two-H 20 solution is always critical for 
both shear and flexure. The shear distribution fac
tors (STRUDL) vary significantly along the span, es
pecially close to the span end. The sharp decrease 
in the distribution factor near the end is due to 
the end diaphragm. The end diaphragm was assumed to 
be in contact with the slab and thus was connected 
at all the nodes between the exterior girders. If 
the slab is not in contact with the diaphragm, the 
model will overestimate the diaphragm's effect at 
the end of the span. 

The maximum shear distribution factor appears to 
occur at Y/L of about 0.05 and the distribution fac
tor begins to decrease at positions farther from the 
span end. The short-span bridges show a continued 
decrease in the shear distribution factor to span 
centerline. For longer spans (not shown here), the 
curves decrease to a minimum at about quarter-span 
and then rise slightly at positions close to the span 
centerline. 

The flexural distribution factors also vary along 
the span. However, this variation is much less than 
for shear distribution, except for positions of Y 
less than about 0.2 L where moments are small. The 
SALOD distribution factors agree well with the STRUDL 
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FIG URE 9 Variation of shear and moment distribution factors 
along the span for the critical inte rior girder with 60-ft span. 

flexural distribution factors at midspan as expected. 
'l'hus SALOD flexural distribution factors are suffi
ciently close to the STRUDL factors for flexure at 
Y/ L greater than about 0.2. 

Because the AASHTO specifications for the design 
of prestressed concrete girders include an eguation 
that considers the ratio of girder shear to moment, 
it is interesting to study the ratio of STRUDL shear 
distribution factors to STRUDL flexural distribution 
factors. This ratio was computed at Y/L in the region 
of 0.2 to 0.3 for all the bridges (11) and was found 
to vary widely from bridge to bridge, ranging from 
about 0.8 to about 1.2 for interior girders. This 
ratio increased with increasing span length and de
creased with increasing girder spacing. However, the 
ratio for short spans showed little change with gir
der spacing. 

The STRUDL and OHBDC shear distribution factors 
were found to match best at Y/L between 0.2 and 0.3, 
except at the wider girder spacings. However, the 
OHBDC procpcl11rP W-"R apparently devvlopild for miiximum 
shear near the span end (]) • 

Shear Di.s t.ribution Factor Parame ter Study 

The shear distribution factor parameter study shown 
in Figures 10 (a and b) for interior girders and 11 
(a and b) for exterior girders contains results for 
/\ASHTO, OHBDC, and STRUDL. Additional graphs are in
cluded elsewhere (11) • The STRUDL distribution fac
tors were determined using the er i tlcal loading con
dition without modifying the results for probability 
o f loading for a more direct comparison with AASHTO. 

The STRUDL analysis for the shear study (11) 

developed shear distribution factors at several 
positions along the span. However, shear in pre
s tressed girders may be more critical at quarter-span 
(19). Thus the shear distribution factors plotted in 
f' igures 10 and 11 were determined from the largest 
value in the region of Y/L between 0. 2 and 0. 3 for 
the critical loading. 

AASHTO Shear Distribution Factor s 

For loads at the support, AASHTO recommends computing 
the shear distribution factor s assuming simple-beam 
action between girders in the transverse direction. 
For loads away from the support, AASHTO recommends 
using the flexural criteria for computing shear dis
tribution factors. Th is requires using the formula 
S/5.5 for interior girders and the simple-beam ap
proach for exterior girders. 

In the figures, graph (a) shows the variation in 
thP shPiH niRtrih11tinn f11r.tnrR with i:-han')'in')' span 
length for the bridges with girder spacing of 7. 0 
ft. As seen in this figure, there is no significant 
variation in the shear distribution factors with 
changing span. STRUDL varies only 3 percent, and 
AASHTO and OHBDC do not consider span length. 

Figure !Ob shows the variation in the shear dis
tribution factor with changing girder spacing for 
interior girders with a 60-ft span. The STRUDL curves 
are generally slightly less sloped than are those of 
the other two methods. That is, STRUDL shear distri
bution factors show less sensitivity to changing 
girder spacing. OHBDC is generally unconservative 
compared with STRUDL. This is primarily due to the 
probability factors that are implicit in the OHBDC 
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solution. However, at wider girder spacings, OHBDC 
tends to become conservative. The AASHTO curves are 
consistently close to the STRUDL curves (within 14 
percent) and are usually on the conservative side. 
At shorter girder spacings, AASHTO becomes uncon
servative by about 3 to 9 percent depending on the 
span length. AASHTO appears to be adequate for 
design. 

Figure 11 compares the shear distribution factors 
for STRUDL, AASHTO, and OHBDC for exterior girders. 
Figure lla shows the variation with span length. This 
figure shows that all methods have no significant 
variation with span length. 

Figure llb shows the variation in the shear dis
tribution factor with changing girder spacing for 
exterior girders. STRUDL shows a 14 percent variation 
with girder spacing at the 30-ft span length. OHBDC 
varies 38 percent with girder spacing and differs 
from STRUDL by as much as 31 percent on the con
servative side and 11 percent on the unconservative 
side. 

The exterior girder curves for AASHTO are con
servative compared with STRUDL for practically all 
bridges studied. This conservatism is generally less 
than 10 percent, except for the 30-ft span (not shown 
here). 

FIELD STUDIES 

The finite element method is today a well-accepted 
method of analysis. However, any method of analysis 

5. 0 6.0 7.0 8.0 ~ .o 1 0. 0 

GIRDER SPACING (FT) 

b) SPAN LENGTH - 60 FT 

or modeling technique requires some degree of ap
proximation when applied to a real structure. Thus 
it was prudent to verify the modeling assumptions 
made in the finite element analysis used to generate 
the data base for SALOD. A total of eight spans were 
tested, two of each of the following types: 

1. Prestressed concrete girder bridges, 
2. Steel girder bridges, 
3. T-beam bridges, and 
4. Flat slab bridges. 

All of the bridges were simple span and tested 
under static load conditions. Strain and deflection 
data were taken near midspan using a data acquisition 
system. Complete details on the testing program and 
evaluation of results are available elsewhere <.~.l· 

CONCLUSIONS AND RECOMMENDATIONS 

Parameter studies were done for prestressed concrete 
girder bridges covering a wide range of span lengths 
and girder spacings. Comparisons of OHBDC, AASHTO, 
and SALOD flexural distribution factors for interior 
girders show that, unlike AASHTO, both SALOD and 
OHBDC exhibit significant variation with span length. 
Both OHBDC and SALOD show the same percentage change 
in the distribution factors with changing girder 
spacing. However, OHBDC is generally about 8 percent 
unconservative compared with SALOD because of model-
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ing differences. AASHTO is conservative compared with 
SALOD except at short span lengths. 

For exterior girders, the OHBDC flexural distri
bution factors tend to be more sensitive to changing 
girder spacing than is SALOD or AASHTO. The simple
beam criterion used by AASHTO is a good representa
tion of the flexural distribution characteristics of 
exterior girders. 

In the design of prestressed concrete girders, 
considering the combined effect of shear and moment 
in the quarter-span region, distribution factors 
should be computed using the following guidelines: 

1. Use the AASHTO er i ter ia for computing shear 
distribution factors. 

2. Use the SALOD program for computing flexural 
distribution factors. This procedure should give 
sufficiently accurate results for most prestressed 
concrete girder bridges. However, it should be noted 
that AASHTO shear distribution factors may be uncon
servative at short girder spacings. 

The SALOD program used influence surfaces devel
oped using the finite element method. A series of 
tests (_~) was conducted to validate the modeling 
techniques used in developing the influence surface s 
for the SALOD program. The test program was believed 
to generally confirm the applicability of the finite 
element modeling techniques used in SALOD as a useful 
tool for predicting the moments in bridges for pur
poses o f analysis and design . 
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Application of Microcomputers 1n Bridge Design 
RONALD A. LOVE, FURMAN W. BARTON, and WALLACE T. McKEEL, Jr. 

ABSTRACT 

The use of microcomputers in bridge design activities in state transportation 
departments was evaluated through contacts with 32 state agencies. Although pres
ent use of microcomputers was found to be 1 imi tea, subsequent research showed 
that the current generation of 16-bit machines offers significant advantages in 
complementing existing computing facilities in a manner that fully uses the power 
of both mainframe and microcomputer. The ability of microcomputers to run large 
bridge design applications in a stand-alone mode was demonstrated by successfully 
downloading and converting four mainframe programs. Running design and analysis 
programs in a stand-alone mode frees the mainframe CPU and increases access to 
software that can be run repetitively without consideration of mainframe costs. 
When access to larger applications on the mainframe is required, the microcomputer 
used as an intelligent terminal can process input data locally and send them to 
the mainframe for processing. Output data, in return, can be downloaded to the 
microcomputer and reviewed off-line or input into microcomputer applications such 
as spreadsheets or graphics packages for further processing. 

Computer applications in engineering design have had 
a dramatic effect on the analysis and design process 
in general. Automating analysis and design proce
dures has relegated much of the computational burden 
to machines, allowing the engineer more time to 
evaluate alternatives and assume a more creative 
design and decision-making role. Although the role 
computers play may vary from one organization to 
another, their effect has been revolutionary. 

The manner in which computers are utilized in the 
design divisions of state departments of transporta
tion is not standardized and varies greatly. Most of 
the software developed for design calculations with
in bridge divisions was designed for implementation 
on large mainframe computers. Bridge designers, in 
large measure, have access to these programs via 
terminals, and this has created little demand for 
other computer configurations such as microcomput
ers. However, recent developments in microcomputer 
design have resulted in microcomputers that have 
stand-alone capabilities that riv al those of mini
computers and mainframes and that also possess ver
satile communications capability. 

There still appears to be considerable difference 
of opinion about the most appropriate role for 
microcomputers in bridge design applications. Many 
bridge divisions, which have their own large com
puter and several terminals, find their present con
figuration satisfactory and see no reason to incur 
the additional expense of microcomputers. Other 
bridge engineers, however, are required to use cen
tralized state computer facilities that are some
times shared by other state agencies. The inconve
nience of gaining access, the high cost of computing 
and other charges, and excessive turnaround time may 
not be acceptable. These engineers see the new gen
eration of microcomputers as a cost-effective and 

R.A. Love and F.W. Barton, Department of Civil Engi
neering, University of Virginia, Charlottesville, 
Va. 22903. W. T. McKeel, Jr., Virginia Highway and 
'l'ransportation Research Council, University of Vir
ginia, Charlottesville, Va. 22903. Current address 
for R.A. Love: G.W. Beilfuss and Associates, Inc., 
700 East Butterfield Road, Suite 220, Lombard, Ill. 
60148. 

preferred alternative for using much of the bridge 
design software available. In Virginia, as in many 
other states, many bridge design activities have 
been decentralized in district offices across the 
state. The present generation of microcomputers 
would appear to meet most of the computational needs 
of these offices. These smaller computers could sup
plement the mainframe, possibly using downloaded, 
smaller programs, in a more efficient mode of opera
tion. The many advantages of microcomputers, such as 
powerful computing capability, stand-alone capabil
ity, communications capability, and cost-effective
ness, make them a powerful element in engineering 
computation. 

It is useful and timely to evaluate the manner in 
which microcomputers are used in other states and to 
suggest the role that they may play in the future. 
Such information could assist bridge engineers and 
administrators in state departments of transporta
tion in making decisions about the use of microcom
puters. 

The objective of this study was to examine thP. 
current and future role of microcomputers in bridge 
design applications within state departments of 
transportation. The focus was on the use of micro-
computers, as a complement 
figurations, to increase 
cost-effectiveness. 

to present computing con
productivity and enhance 

The manner in which bridge engineers currently 
use computers for design and analysis was evaluated 
by contacting a number of state and federal agencies 
including bridge divisions in several states. These 
bridge divisions were surveyed to determine their 
present computer configurations used for bridge 
design applications and their current and projected 
uses of microcomputers. The capabilities of the 
present generation of 16-bit microcomputers were 
evaluated for bridge design applications, several 
microcomputers were used to run typical bridge 
design software, and comparisons of performance were 
noted. The feasibility of converting current bridge 
design software from mainframes to microcomputers 
was evaluated through actual conversions of existing 
software. After examination and study of the infor
mation collected and the tests performed, the poten
tial for increased usage of microcomputers in bridge 
design activities was evaluated. 
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MICROCMPUTER USE IN STATE BRIDGE DIVISIONS 

To determine trends in microcomputer use, an infor
mal telephone survey of bridge divisions in various 
state departments of transportation was conducted, 
and a total of 32 states were contacted: 

Alabama 
California 
Colorado 
Connecticut 
Delaware 
Florida 
Georgia 
Illinois 
Iowa 
Kentucky 
Louisiana 

Massachusetts 
Michigan 
Minnesota 
Mississippi 
Montana 
Nebraska 
New Jersey 
New York 
Nor th Carolina 
Ohio 
Oklahoma 

Pennsylvania 
South Carolina 
South Dakota 
Tennessee 
Texas 
Vermont 
Virginia 
Washington 
West Virginia 
Wisconsin 

Initial contacts were based on prior knowledge of 
microcomputer usage in these states; subsequently, 
other states involved in microcomputer usage were 
identified. Additional information on states using 
microcomputers for bridge design-related activities 
was obtained from FHWA. 

The survey consisted of targeting a knowledgeable 
person within a state bridge division or computer 
division and asking the following questions. 

1. What kind of computer system is used for 
bridge design and analysis? 

2. Do your engineers and designers have computer 
access through 

a. Direct access via a terminal? 
b. Submitting data using data entry forms 

(data actually entered and program run by 
others)? 

3. Do you use microcomputers in bridge design? 
4. If not, do you plan to purchase microcomputers 

in the near future for use in bridge design activi
ties? 

5. Do you use your microcomputer as 
a. A stand-alone unit? 
b. An intelligent terminal linked to a larger 

computer? 
6. What kinds of bridge design programs are run 

on your microcomputer? 
7. Can a list of these programs be made avail

able? 
8. Are your design programs 

a. Written in-house? 
b. Purchased from outside vendors? 

9. What programming languages are used for pro
g rarns written in-house? 

10. Have you converted any programs currently 
running on a larger computer to run on your micro
computer? 

11. If so, how was the program converted? 
a. Method of downloading used. 
b. Type of compiler or interpreter used. 

12. Is increased use of microcomputers planned 
for thf' f11t11rP7 Tf Rn, whnt i'll"P ynur plans (e.IJ., 
upgrade to more powerful machines, microcornputer
aided design systems)? 

The questions were designed to determine the cur
rent ma infrarne computing environment, to assess the 
level of satisfaction with this environment, to 
identify current utilization of microcomputers in 
bridge design applications, and to evaluate the 
attitudes and perceptions of engineers regarding the 
usefulness of microcomputers in design. Finally, 
plans for future implementation of microcomputers 
were discussed. A summary of the responses to the 
survey is given in Table 1. 

As a result of this survey, several conclusions 
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were drawn. First, the large majority of states uses 
mainframe computers in their bridge design and 
analysis work. A total of 30 out of 32 states, or 94 
percent, use mainframes as their primary computing 
resource. The two remaining states use minicomputers. 
However, in almost all instances, the bridge divi
sions that use mainframes share them with other state 
agencies under some type of time-sharing arrangement. 

Almost all bridge design groups (94 percent) have 
direct access to the computer through terminals 
located within the design group. In addition, some 
states with remote design locations, such as Penn
sylvania, have terminal access at the district 
level. Through terminal access, the engineers are 
able to run mainframe applications in either inter
active or batch mode, review the results, modify 
input if desired, and rerun the application. Some 
states, such as Michigan and Delaware, use screen 
forms packages that simplify data entry at the ter
minal by creating the actual input form for a given 
program on the terminal screen. Most states with 
computer configurations of this type expressed the 
belief that it served their computing needs well. 
Eleven of the 30 states with terminal access to a 
mainframe or minicomputer indicated that it served 
their computing needs completely and therefore those 
states showed little or no interest in using micro
computers. 

However, the majority of the respondents did see 
some need for improvement of their computing envi
ronment. Reasons cited included slow tucnaround time 
on time-shared systems, a desire for better access 
to software, and insufficient access to terminals 
connected to the mainframe. Of the 21 states that 
indicated a need for improvement in computer access, 
9 including Virginia have begun using microcomputers 
in bridge design activities, although for the most 
part specific plans have not been developed (see 
Table 1). 

The manner in which microcomputers are currently 
used for bridge design purposes varies widely from 
state to state. For example, in Montana, microcom
puters are used almost exclusively for bridge design 
and analysis. Design and analysis programs pre
viously run on IBM minicomputers were converted from 
their original FORTRAN coding to BASIC and adapted 
to an IBM-PC. In South Dakota, and as part of this 
project in Virginia, FORTRAN bridge design and anal
ysis programs were downloaded from a mainframe com
puter and adapted to run on IBM-PC (or compatible) 
microcomputers using available microcomputer FORTRAN 
compilers. Ohio uses an IBM-PC 3270 networked to its 
mainframe and is in the process of developing some 
specialized bridge design-related applications. New 
Jersey, taking a similar approach, has recently pur
chased several IBM-PCs that will have communications 
capability with their mainframe via moderns. These 
microcomputers were purchased to satisfy the needs 
of remote design locations for access to the ma in
f rame and for stand-alone computing capability. 

Other states are currently using microcomputers 
in hridgP-rPlAtPd arei'IR hut to a lPRRer extent. Ne~ 

York uses microcomputers for project management 
functions and for field data collection and review. 
Future uses may include overload permit and splice 
design applications. Massachusetts currently uses an 
IBM-PC for field data collection and expressed 
intentions to use it for additional bridge design 
applications in the future. In Vermont an IBM-PC AT, 
to be delivered in the near future, will be the pri
mary computer used for bridge design applications. 

In addition to the states already using or begin
ning to use microcomputers, nine other states have 
indicated a desire to begin using them in the near 
future. Common among the responses from these states 
was an uncertainty about exactly what the capabili-
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TABLE 1 Summary of Responses to Questions 1-4 

Principal Com- Access to Microcomputer P1"ns to Use Mictos 
pu ter Used for Mainfrnmc Used for Bridge in Future for Bridge 

State Bridge Design via Terminals Design Design Applications 

Alabama MF Yes No Yes 
California MF Yes No Yes;.i 
Colorado MF Yes No No 
Connecticut MF Yes No No 
Delaware MF Yes Nob No 
Florida MF Yes No Yes" 
Geo1gia MN Yes No Yes" 
Illinois MF Yes No Yes• 
Iowa MF Yes No Yes" 
Kentucky MF Yes Noc Yes' 
Louisiana MF Yes Nod No 
Massachusetts MF Yes Yes• Yes 
Michigan Mf' Yes No No 
Minnesota MF Yes No Yes• 
MississiL1pi MF Yes No Yes 
Montana MN Yes Yes 
Nl'lHaska MF Yes No No 
New Jersey MF Yes Yes 
New York MF Yes Yesb Yesf 
North Carolina Mf' Yes No No 
Ohio MF Yes Yes 
Oklahoma MF Yes No No 
Pennsylvani<i MF Yes Nob No 
South Carolina MF Yes No No 
South Dakota MF Yes Yes 
Ten ncssee MF Yes No No 
Texas Ml' Yes No No 
Vermont MF No Yes 
Vhginia MF No Yes 
Washington MF Yes Yes Ycsil 
West Virginia MF Yes No No 
Wisconsin Mf' Yes No Yesg 

Note: MF ::- mainframe, MN= minicomputer_ 

:l.Jll;rn~ nor defined al pr~sent. 
hMicrucomputcrs are uscll for spread sheets, word processing, duta hase manacemcnt, and the like. 
cMicroconqHllcrs are used for planning. 
dMicrocumputcrs are used in ro<1dway design , 
CMicrocomputers currently used for field data collection. 
fMicrocomputers \Vould be used more for construction 111<1nagemcnl, overlo:.id permit, and spli<'e design 
work: "number crunching"would sli/1 be done on mainfrnmea 

gCouJd possibly get involved with microcomputer~ if they demonstrate the <1hility to run large·.scalc programs in 
itn efricien t manner. 

ties of microcomputers are when used in bridge 
design and analysis applications. Some engineers 
expressed doubts about the ability of these machines 
to handle large programs; doubts also arose about 
how the integrity of software would be maintained 
when it was distributed among several users. 

Clearly there is a need to better define the role 
that microcomputers can play in bridge design at the 
state level. Several instances have been cited of 
private design firms in which proper implementation 
of microcomputers as a complement to present com
puter configurations has served to increase produc
tivity and decrease overall computing costs. This 
should also be true in bridge design applications. 

MICROCOMPUTER HARDWARE AND SOFTWARE 

The hardware components of microcomputers, namely 
central processing unit (CPU), keyboard, and cathode 
ray tube (CRT), are becoming generally familiar, but 
specific hardware details and capabilities may not 
be so familiar. The current generation of 16-bi t 
microcomputers generally uses one of three types of 
central processor, the Intel 8086, the Intel 8088, or 
the Motorola 68000 UJ. The 8086 is a true 16-bit 
processor in that it moves data through a 16-bit 
data bus and processes 16 bits at a time. The 8088 
moves data through an 8-bit bus and processes 16 
bits at a time. The Motorola 68000 CPU, the most 
powerful of the three, handles data through a 16-bit 
data bus but processes 32 bits at a time. Internal 
memory is classified into two types, read-only mem-

ory (ROM) and random access memory (RAM). The ROM is 
factory installed and is read when the computer is 
turned on; it is permanent and cannot be altered by 
the computer operator. RAM is temporary memory and 
accessible to the user; it gives microcomputers 
their real power because it determines the size of 
applications that can be run. Four different 16-bit 
microcomputers were available for use during this 
project and are given in Table 2. 

In addition to internal memory capabilities, 
microcomputers also have mass storage capability 
that enables them to access vast amounts of data 
outside the CPU. Mass storage memory usually refers 
to floppy diskettes or hard disks. Storage capacity 
on 5 1/ 4-in. floppy diskettes can range from 320 
kilobytes (kb) to more than one megabytye. In gen
eral, floppy diskettes provide a reliable and port
able form of mass storage, though lacking in access 
speed and overall storage capability. Hard disks 
provide much greater storage capacities and access 
data at significantly higher speeds than floppy 
drives. Hard disk capacities of 20 megabytes and 
more are common and some allow removal of the disks 
in a fashion similar to floppy diskettes. Although 
much more expensive than floppy drives, hard disk 
drives are becoming more commonplace as user 
requirements expand. The microcomputers used in this 
project all had mass storage capacity of 329 kb 
using double-sided, double-density floppy disk 
drives. 

Another type of mass storage is commonly known as 
disk emulation or RAM disk. A RAM disk is created by 
software that in effect partitions unused RAM into 
what the computer treats as an additional disk 
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TABLE 2 Microcomputers Used 

Attribute Description 

Zenith Z-l 5 l (Marketed by NBJ) 

Word length 
Processor 
Opeiating system 
Installed RAM 
Mass storage 

IBM Personal Computer 

Word length 
Processor 
Operating system 
Installed RAM 
Mass storage 

16-bit 
Intel 8088 
MS-DOS 
384 kb 
Two 360-kb DS/DD disk d1ives 

16-bit 
Intel 8088 
PC-DOS; CP/M; UCSD P-System 
596 kb 
Two 360-kb DS/DD disk drives 

COMPAQ Portable Computer 

Word length 
Processor 
Operating system 
Installed RAM 
Mass storage 

16-bil 
Intel 8088 
MS-DOS; CP/M86; UCSD !'-System 
256 kb 
Two 360-kb DS/D D disk drives 

AT&T Personal Compute1 6300 

Word length 
Processor 
Operating system 
Installed RAM 
Mass storage 

16-bit 
Intel 8086 
MS-DOS 
5 l 2 kb 
Two 360-kb DS/DD disk d1 ivcs 

drive. This form of mass storage provides the 
fastest access time because there are no mechanical 
drive parts involved, such as read-and-write heads. 
However, RAM disks are limited in capacity to what
ever RAM is not used during the application. 

In general, it is far more important to consider 
software than hardware capabilities. The most funda
mental piece of software is the operating system 
that ties the CPU and memory to the display, key
board, and disks. Some of the different operating 
systems available for the 16-bit microcomputers are 
MS-DOS, CP/M-86 1 and the UCSD P-System for single
tasking operations and Unix from Bell Labs, MP/M (an 
advanced version of CP/M), Pick, and Oasis for multi-
tasking. 

In this study, four different microcomputers were 
used and MS-DOS version 2.11 was the operating sys
tem used on all four machines (Table 2) • Two capa
bilities of MS-DOS, which served well when running 
the large FORTRAN bridge design programs encountered 
in this project, were: (a) output files could be 
spooled to the printer while program execution con
tinued and (b) batch capabilities allowed several 
program runs without an operator present. Because 
the execution time of some programs on microcom
puters is slow relative to larger machines, the 
batch capability is a distinct benefit. 

The ability of the 16-bit microcomputers to 
handle a wide variety of programming languages is 
further indication of their computing power and ver
satility. Most of these machines come with a BASIC 
interpreter, but there are also several dozen com
pilers available for a variety of languages. A 
fairly complete listing of these compilers and lan
guages, taken from Ruby (~), follows. 

PASCAL compilers 

1. Turbo PASCAL (Borland International) 
2. PASCAL/MT+ (Digital Research) 
3. Micro Concurrent PASCAL (Enertec, Inc.) 
4. UCSD PASCAL Compiler (IBM) 
5. IBM PC PASCAL Compiler 2.0 
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6. MS PASCAL (Microsoft) 
7. PASCAL 86/88 (Real-Time Computer Science 

Corporation) 
8. UCSD PASCAL Compiler (Softech Microsystems) 
9. Concurrent PASCAL 8086 (Soft Machines, Inc.) 

10. SBB PASCAL (Software Building Blocks) 

BASIC compilers 

1 . CRASIC Compiler 2.0 (Digital Research) 
2 . BASIC Compiler (IBM) 
3 . ATV/BASIC (LanTech Systems, Inc.) 
4 . BASIC Compiler (Microsoft) 
5 . Business BASIC 
6 . BASIC Compiler (Quantum Software Systems) 
7 . BASIC Compiler (Softech Systems) 
8 . BASIC (Supersoft) 
9 . Squish (Versaterm Systems, Ltd.) 

BASIC interpreters 

1 . Bl-286 1.4 (Control-C) 
2 . BASIC Interpreter (Microsoft) 

Combined BASIC compilers and interpreters 

l. APC BASIC (American Planning Corporation) 
2. MegaBASIC 
3. HAI*BAS (Holland Automation USA, Inc.) 
4. Professional BASIC (Morgan Computing Company, 

Inc.) 
s. Better BASIC (Summit Software Technology, Inc.) 

Modula-2 compilers 

1. Logitech Modula-2/86 (Logitech, Inc.) 
2. Modula-2 for the IBM-PC (Modula Corporation) 
3. M2M-PC (Modula Research Institute) 
4. Volition Systems Modula-2 (Volition Systems) 

APL interpreters 

1. IBM-PC APL (IBM) 
2. Sharp APL/PC (I.P. Sharp Associates, Ltd. ) 
3. APL*PLUS/PC (STSC, Inc.) 
4. WATCOM APL (WATCOM Products, Inc.) 

FORTRAN COJll[Jilers 

1. FORTRAN 77 (Digital Research) 
2. FORTRAN 77 Compiler (IBM) 
3. FORTRAN Compiler 2.0 
4. FORTRAN Compiler (Microsoft) 
5. 87 FORTRAN/RTOS (MicroWare, Inc.) 
6. FORTRAN 86/88 (Real-Time Computer Science Cor-

poration) 
7. FORTRAN 77 (Quantum Software Systems, Inc.) 
8. FORTRAN 77 (Softech Microsystems) 
9. FORTRAN Compiler (Supersoft) 

10. Professional FORTRAN (IBM) 
11. R/M FORTRAN (Ryan-McFarland) 

FORTH compilers and interpreters 

1. HSFORTH 2.01 (Harvard Softworks) 
2. PC/FORTH 3.0 (Laboratory Microsystems, Inc. ) 
3. PC/FORTH+ 3.0 
4. MMSFORTH (Miller Microcomputer Services) 
5. MVP-FORTH PAD (Mountain View Press) 
6. FORTH-32 (Quest Research) 

C compilers 

1. C Compiler (C-Systems) 
2. C Compiler (C Ware) 
3. CC 86 (Control-C Software) 
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4. C86 (Computer Innovations, Inc.) 
5. Small-C:PC (Custom Software) 
6. Digital Research C3 (Digital Research) 
7. Lattice C Compiler (Lifeboat Associates) 
8. Aztec C 86 l.06D (Manx Software Systems) 
9. MWC-85 (Mark Williams Company) 

10. C Compiler (Microsoft) 
11. C Compiler (Quantum Software Systems, Inc.) 
12. Instant C (Rational Systems) 
13. C 86/88 (Real-Time Computer Science Corporation) 
14. C Compiler (Supersoft, Inc.) 
15. C Compiler (Telecon Systems) 
16. c Compiler (Whitesmith's, Ltd.) 

COBOL compilers 

l. COBOL Compiler (Digital Research) 
2. MBP COBOL Compiler (MBP Software Systems Tech-

nology) 
3. Level II COBOL Compiler 2.6 (Micro Focus, Inc.) 
4. Personal COBOL 
5. COBOL Compiler (Microsoft) 
6. RM/COBOL (Ryan-McFarland) 

In this study, FORTRAN was used for all of the 
applications and the Microsoft FORTRAN compiler was 
the most convenient to use. The MS-FORTRAN compiler 
conforms to subset FORTRAN as described in ANSI 
X3.9-1978 and also contains extensions to the stan
dard. These extensions are listed in the MS-FORTRAN 
User's Guide, Appendix A (l). Minimizing use of 
these extensions increased portability and allowed 
the bridge design programs to be run easily on other 
microcomputers and the University of Virginia's 
Cyber mainframe. 

APPLICATION SOFTWARE 

With the tremendous growth in microcomputer hardware 
has come a corresponding growth in application soft
ware and software vendors. The number of application 
programs for civil engineering and construction 
alone has become so large that they are catalogued 
in Hunt's Directory (!), a good source of software 
for potential bridge applications. Currently the 
majority of vendor-supplied programs is analysis 
packages rather than design applications because 
design programs typically require more upkeep because 
of code changes. A review of several software sources 
determined that, in the area of bridge design, few 
design applications were available. Design packages 
that were found included three bridge design systems 
for small bridges, a pier design program, a pile 
design program, an influence line generation program, 
and several coordinate geometry programs. However, 
almost every conceivable type of structural analysis 
program was available for all makes of microcom
puters. These analysis packages ranged from simple
beam analysis to full-feature integrated finite ele
ment analysis packages. 

Most states perform in-house software development 
for their mainframe applications; because the use of 
microcomputers is not great, similar software devel
opment for them is limited. A few state bridge divi
sions that currently use microcomputers in design, 
such as Montana, Ohio, and Virginia, develop some 
software in-house. Such programs are typically 
written in BASIC, although Montana has converted 
several bridge design applications from a FORTRAN 
code running on an IBM 5100 minicomputer to BASIC 
for use on an IBM-PC. The following list gives typi
cal bridge design applications developed in this 
manner. 

l. Bridge centerline grade (Virginia) 

19 

2. Steel beam or girder section properties in 
negative moment region (Virginia) 

3. Steel beam or girder section properties (Vir-
ginia) 

4. Critical moments and shears (Virginia) 
5. Concrete section analysis (Virginia) 
6. Live load reactions on pier or abutment (Vir

ginia) 
7. Bolted beam/girder splice design and analysis 

(Virginia) 
8. Concentric curve skewed bridge geometry (Vir

ginia) 
9. Bearing stiffener design or analysis (Vir

ginia) 
10. Transverse stiffener design or analysis (Vir

ginia) 
11. Straight roadway skewed bridge geometry and 

elevations along lines (Virginia) 
12. Various programs to determine bridge geometry 

and elevations (Montana) 
13. Various programs to determine bent and girder 

reactions due to various standard and nonstandard 
loadings (Montana) 

14. Slab analysis by wo~king stress design or ul-
timate stress design (Montana) 

15. Prestressed beam analysis (Montana) 
16. Prestressed' bulb T-beam analysis (Montana) 
17. Welded plate girder analysis (Montana) 
18. Two-column bent programs (Montana) 
19. Coordinant geometry program (Montana) 
20. Beam splice design (Ohio) 
21. Crane loading program (Ohio) 
22. Analysis of composite rolled beam (Ohio) 

Most of these programs are small and designed to 
perform rather specialized functions. Although a 
useful first step, they do not fully meet the need 
of bridge divisions for general application programs 
to run on microcomputers. 

Potentially one of the most attractive schemes 
for development of microcomputer software for bridge 
design applications is the downloading and conversion 
of existing mainframe programs. There are several 
advantages to having the ability to run large-scale 
converted mainframe bridge design software on a 
microcomputer. First, it provides greater flexibility 
to the engineer. Applications can be run at any time 
without the need for access to a mainframe. A state 
bridge division may be only one of several state 
agencies that must share time on a mainframe; thus, 
depending on demand, computer access may not always 
be possible because of low priority. Also, microcom
puters can insulate bridge designers from the incon
veniences of unscheduled mainframe downtimes. The 
converted programs will also be familiar to the 
users. Programs that were converted as part of this 
study used the same input and output format as those 
run on the mainframe. In states in which design 
activities are carried out at remote locations, 
microcomputers can provide an efficient and rela
tively inexpensive means of distributing computer 
power. The high costs of communicating with main
frames over telephone lines can be minimized. There 
are also other benefits to be realized. Converting 
mainframe bridge design software to microcomputer 
use will ease demand on the mainframe and allow more 
processor time for other, larger agency applications. 

As part of this study, several attempts at down
loading and converting mainframe programs were made. 
These conversions provided a means of identifying 
problems and the level of effort required. With the 
assistance of the Bridge Division and the Information 
Systems Division of the Virginia Department of High
ways and Transportation, copies of the following 
bridge design problems were obtained. 
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1. Prestressed Concrete I-Beam Design and Analy
sis Program 

2. Steel Girder Design and Analysis Program 
(composite) 

3. Deck Slab Design Program 
4. Critical Moments and Shears on a Simple Span 

for Moving Loads 
5. Bridge Geometry Program 
6. Georgia Continuous Beam Program 
7. Georgia Pier Program 
8. SIMON (a complete design system for steel 

bridge girders) 

Successful conversions were made on the first 
four programs, but a number of problems were encoun
tered in attempting to convert the remaining pro
grams. First, most programs currently run on main
frames have been around for a long time and are 
written in early versions of FORTRAN. Some programs, 
such as the Bridge Geometry Program, were originally 
written in assembly language and then converted to 
FORTRAN. Still others were written such that they 
required machine-dependent software. These types of 
problems require extensive changes in coding. Major 
portions of some of the programs, which were not 
converted, would have had t o be completely rewritten. 
Another obstacle to program conversions can be the 
programming technique of the original programmer. An 
example of this occurred in both the Georgia Contin
uous Beam and the George Pier programs. These are 
l ong programs with few subroutines; this causes 
problems because large programs usually must be 
b roken into groups of subroutines to be compiled on 
a microcomputer, and programs without subroutines 
may require major alterations to existing code. A 
final obstacle to conve rting mainframe programs to 
the microcomputer is program size. Some programs are 
simply too large to be converted for use on the 
p resent generation of 16-bit microcomputers. 

The bridge design application programs used in 
this project consisted of a Prestressed Concrete 
I-Beam Design and Analysis Program, a Steel Girder 
Design and Analysis Program, a Deck Slab Design Pro
gram, and a Critical Moments and Shears Program. 
These programs are currently used by the Bridge 
Division of the Virginia Department of Highways and 
Transportation on an IBM 3084 mainframe computer . 
All four of these programs are written in FORTRAN 
and were converted from mainframe use for use on 
microcomputers. As an example of the type of bridge 
design applications that the 16-bit microcomputers 
are capable of running, two of the larger programs 
(Prestressed Beam and Steel Girder) were used to run 
example problems. 

Two different example problems were selected for 
each program and these were run on four different 
microcomputers and on an additional machine equipped 
with an 8087 math coprocessor chip. Details of these 
runs are given in Table 3. Also, Table 3 gives the 
program source file size and executable run file size 
for the Prestressed Beam and Steel Girder programs. 
The Prectreooed Beam Program is a fairly long program 
with approximately 3,000 FORTRAN statements in the 
s ource file and an executable run file size of 
161,480 bytes. This size program would certainly not 
r un on the earlier 8-bit machines. Theoretically, an 
IBM-PC with full RAM capacity of 640 kb could run an 
application program of comparable size. The data in 
Table 3 indicate not only that programs of signifi
cant size do run on the 16-bit microcomputers but 
also that they execute in a reasonably short time. 

Program size is only one of the factors that 
affect program execution. Another factor that wil 1 
affect execution time is the type of CPU employed by 
the microcomputer. The IBM-PC, the Compaq Portable, 
and the Zenith-151 all use the Intel 8088 CPU. Com-
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TABLE 3 Brirlge Design Program Characteristics Illustrating 
Memory Capacity and Execution Time 

Test Problem 

Execution Time (sec) 

Zenith 
Z-151 IBM-PC 

COMPAQ 
Portable 

AT&T 
PC 

Prestresscd Concrete l-Benm Design and Analysis Programa 

PBI0 

PB2' 
54 
57 

43 
46 

43 
47 

Steel Girder Design and Analysis Programd 

SGI 0 

SG2r 
30 
88 

24 
74 

24 
75 

33 
35 

20 
so 

COMPAQ 
W/8087 

36 
38 

20 
36 

n1·onTJtAN 'iil:ill'mcnts in source fi\i:: 2.961 nnd cxL'CLit<Jbk rile si1e: 161,480 Li) ll'S. 
1'Dcsip,n of n tirrndard Ai\SHTO lYPL' 5 beam with standard HS-20 loading. (Sec Appt'ndix 

13 for input form) 
Cl)csign of a non AASIJ"l"O he:.im for HS-20 louding :.ind additional conccntra!L'd dead 
loads, (See Appendix B) 

dFORTRAN statements in sourcL' fih:o: 896. and exccutuble file si7e: 90,360 bytes. 
ccomplctc un:.Jlysis of an interior brid!:!e gi1clcr of composite co11sL1uction. (See AppL' ll· 
dix 13) 

fThrce sepa1ate complete designs of an interior composite brid(!.c girder at " ' eh dcµtlis 
of 48 in ., 5 l in .. und 54 in, (Sec Appendix U) 

parison of test results for the two programs on the 
IBM and Compaq machine s shows virtually identical 
execution times; however, execution time on the 
Zenith Z-151 is about 20 percent slower. The prob
able causes of this are differences in the basic 
input-output system and elsewhere in the system 
architecture of the machines (5). The execution 
times for the test problems using the AT&T PC with 
the 8086 CPU turned out to be faster than those of 
the 8088 machines. This is not surprising because 
the 8086 moves data to and from the CPU through a 
16-bit data bus versus an 8-bit bus on the 8088 
machines. 

Another hardware feature that may have a dramatic 
effect on program execution time is the 8087 math 
coprocessor. The test problems in Table 3 show a 
decrease in execution time of up to 60 percent using 
an 8087. The extent to which the 8087 math coproces
sor will decrease execution time depends largely on 
the math processing requirements of the program at 
hand. In general, the more "number crunching" re
quired, the more benefit will be re;ilizecl from thP. 
8087. All of the bridge design software of this 
project, and most available commercially, will be 
able to take advantage of an 8087. There are certain 
disadvantages, however, to using the 8087. It draws 
a significant percentage of the power supplied to 
the system board of a microcomputer and also dissi
pates a significant amount of heat. Excessive power 
consumption and heat dissipation can cause erratic 
operation of the disk drives, memory malfunctions, 
periodic lockup of the computer, unsafe heat buildup 
inside the computer cabinet, and possible eventual 
burnout of the power supply. It has been found that 
most combinations of the expansion cards with an 8087 
will allow safe operation of the microcomputer, but, 
because of the possible detrimental effects, each 
individual microcomputer system should be properly 
evaluated before adding the 8087 coprocessor (~}. 

It has been noted that a RAM disk may offer in
creased efficiencies for running certain programs. 
To illustrate the performance of a RAM disk, the 
same test problems from Table 3 were run using a RAM 
disk. The results of the new runs are given in Table 
4. The amount of storage in the RAM disk drive varied 
among machines depending on available RAM. Enough 
storage was allocated for the RAM disks to allow the 
executable run files and the input and output file s 
to be stored. This permits direct comparison of the 
results summarized in Tables 3 and 4. Comparison of 
the results in Table 4 with those of Table 3 shows 
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TABLE 4 Comparison of Bridge Design Program Execution Times 
Using a RAM Disk for Input and Output 

Test Problem 

Exccutiom Time (sec.:) 

Zenith 
Z-151 IBM-PC 

COMPAQ 
Portable 

AT&T 
PC 

Pre sttcsscd Concrete I-Beam Design and Analysis Progiam 

PB! 24 12 
PB 2 27 14 

Steel Girdc1 Design and Anal ys is Program 

SGl 16 12 12 7 
SG2 83 59 59 28 

COMPAQ 
W/8087 

n -
" -

9 
22 

aiusu lliceint memory exists lo simult<Jncously create an emulatc<l disk drive and run the 
pro&ra m. 

that disk emulation significantly decreases execu
tion time in all cases. These decreased execution 
times can be attributed wholly to decreased input
output time and the decreased time required for the 
programs to be loaded into memory (no mechanical 
drive components are involved). 

Whether application software is purchased, devel
oped in-house, or converted from mainframe programs, 
considerations such as maintenance, portability, and 
distribution control cannot be neglected. Many of 
the mainframe programs used for bridge design appli
cations in Virginia and other states are shared among 
states. The state that developed a given program 
usually assumes responsibility for maintaining the 
program and implementing major changes. If one of 
these programs has been converted for microcomputer 
use, subsequent changes must be transferred to the 
converted version. This may prove difficult if 
changes are not well documented and if the conver
sion requires extensive source code modifications. 

Changes in computing technology or outgrowing 
present computing facilities, or both, may necessi
tate a future changeover to more powerful and 
sophisticated microcomputers. This can have a dras
tic effect on currently used software if software 
portability has not been considered. When software 
is being planned, the potential for future migration 
of programs to other computers must be considered. 
One way to maximize portability is to use standard 
features of standard programming languages and mini
mize the use of proprietary languages, In cases in 
which individual users continue to write programs, 
portability can be maximized by imposing guidelines 
for program development. These guidelines should 
specify the languages and operating systems that can 
be used. Complete program documentation should also 
be required. 

A major consideration that has become intrinsi
cally associated with microcomputers is control over 
the distribution of software. Microcomputers have 
ushered in the age of truly distributed computing 
power, and associated with this distribution of com
puting power is the distribution of software. Some 
form of control is necessary to properly manage this 
distribution and to maintain the integrity of common 
software used within an organization. However, ex
cessive control may serve to stifle use of the soft
ware and result in reduced efficiency. 

Information and examples given thus far make it 
clear that the current generation of microcomputers 
possesses sufficient computing power to be seriously 
considered as an alternative to mainframe computers 
for bridge design applications and that there is 
considerable interest in such utilization. As this 
interest translates into microcomputer implementa
tion, more and more microcomputer bridge design and 
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analysis software will become available. It has 
already been noted that considerable programming of 
small design aids has been and is taking place, and, 
in Virginia and South Dakota, some conversion of 
ma in frame software is taking place. These microcom
puter programs should be available for sharing among 
the state bridge divisions. The following converted 
mainframe programs are currently available and can 
be obtained by contacting the bridge division in the 
appropriate state. 

1. Prestressed Concrete I-Beam Design and Analy
sis (standard AASHTO and nonstandard simple-span 
bridge girders) (Virginia) 

2. Steel Bridge Girder Design and Analysis (Vir
ginia) 

3. Deck Slab Design (Virginia) 
4. Critical Moments and Shears on a Simple Span 

(Virginia) 
5. Georgia Bent Program (South Dakota) 
6. Continuous Span Prestressed Concrete Bridge 

Girder Design (South Dakota) 
7. PCA Reinforced Concrete Column Design (South 

Dakota) 

SCENARIOS FOR MICROCOMPUTER IMPLEMENTATION 

How and when a state DOT bridge design unit should 
start using microcomputers depend on several factors. 
Basically, microcomputer use should be considered 
whenever present computing capabilities require 
enhancement such as additional computing power, dis
tribution of computing power, and addition of com
munications capabilities. 

The basic computing configurations for 16-bit 
microcomputers are either as stand-alone operation 
or as intelligent terminals linked to mainframes. In 
a stand-alone mode the microcomputer can operate 
independently and provide the engineer with a means 
of using a significant computing resource without 
the disadvantages of a time-shared mainframe system. 
The advantages of using a microcomputer as an intel
ligent terminal are numerous. Indeed, the ability to 
use a microcomputer in this mode is an example of 
how microcomputers can complement existing computer 
configurations in an efficient and cost-effective 
manner. The key here is the ability of the microcom
puter to communicate with a mainframe computer. Com
munication enables the engineer both to complement 
mainframe operations with the microcomputer capabil
ities and to use mainframe resources to expand 
microcomputer power. A number of communications 
packages are available that allow engineers to com
municate with virtually any mainframe system. In 
this mode the microcomputer can be used to run 
applications that are, at present, too large for 
microcomputer implementation. Also, off-line prepa
ration of data represents a potential for consider
able cost savings. 

When both personnel and machine costs are consid
ered, the costs of communicating between terminals 
and the mainframe becomes a relatively large portion 
of the total computation cost because the cost of 
computing is decreasing while those of communication 
and personnel continue to rise (&_). Applications 
that use microcomputers to assist in the preparation 
of data and speed communications to the mainframe 
show great potential. However, there are a number of 
costs inherent in microcomputer implementation that 
go beyond the initial purchase pr ice. These costs 
include service and maintenance costs, training 
costs, and additional hardware and software costs. 

A major cost consideration is that related to 
training. For example, it may be necessary to form 
and staff internal user support groups. Other train
ing-associated costs may include the value of the 



22 

time it takes individual users to learn how to oper
ate the computer, the value of productivity lost 
while the engineers become computer proficient, the 
cost of time lost attempting to train persons who 
never become computer proficient, and even the cost 
of time lost when skilled users interrupt their own 
work to assist less skilled users with a problem 
(7). The bottom line with training costs is that time 
is much more expensive than hardware or software. 

One of the major obstacles to large-scale micro
computer implementation by bridge design groups is 
divergence from traditional computerization norms. 
Much computing in typical bridge design groups is 
done through a mainframe controlled by a computer 
systems group. The type of support requ.iced by 
microcomputer implementation will require some level 
of involvement by a computer systems group. The 
expertise these groups possess in computer hardware 
systems, and software development and maintenance, 
will be necessary for proper microcomputer implemen
tation and support. However, for proper microcomputer 
implementation, changes in traditional attitudes 
toward computing will be necessary and these groups 
may, at least initially, be reluctant to accept 
changes necessitated by the most efficient microcom
puter implementation. 

Scenarios for microcomputer implementation will 
vary from state to state because of differences in 
present computing configurations and the level of 
satisfaction with these systems. Future computing 
needs will also play a major role. In states in which 
mainframe access is good all the way down to the 
district level and the level of satisfaction is 
high, microcomputers may play a minor role at best. 
However, in states in which engineers are hampered 
in their access to a mainframe or dissatisfied with 
the service they receive, microcomputers can be a 
distinct benefit. Their usefulness is bound only by 
the imagination of the engineers and their ability 
to modify problem-solving techniques and off ice pro
cedures to harness the computer's power more effec
tively (§_) • 

SUMMARY 

In this study an effort was made to assess the pres
ent overall computer configurations used in state 
DOT bridge design groups; to determine present util
ization of microcomputers in these groups; to illus-
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trate applications of microcomputers in bridge design 
activities; and, finally, to develop scenarios for 
the application of microcomputers in bridge design. 
The feasibility of downloading and converting main
frame programs and the ability of microcomputers to 
run large bridge design applications efficiently in 
a stand-alone mode were demonstrated, 

The development of microcomputers signals a new 
era in computer use. The significant computing power 
they possess, along with their relatively low cost 
compared with traditional large computers, has 
assured their success. Their use is being constantly 
explored in many business and engineering applica
tions. Many state department of transportation bridge 
design groups are in a position to make full use of 
microcomputer capabilities, and some states are 
already beginning to do so. Although there are many 
serious organizational and financial considerations, 
a well-planned computing system with microcomputers 
that complement existing mainframes can signifi
cantly improve computing methods and increase effi
ciency and productivity. 
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Simplified Method for Estimating Thermal 
Stresses 1n Composite Bridges 
M. SOLIMAN and JOHN B. KENNEDY 

ABSTRACT 

The North American codes of practice do not specify a temperature distribution 
throughout the depth of composite bridge superstructures; furthermore, no tem
perature differentials are given for accurately assessing the thermal stresses 
induced in such bridges. A realistic temperature distribution and temperature 
differentials are proposed in this paper. Simple formulas are deduced for use in 
the design off ice for estimating the thermal stresses in the concrete deck slab 
as well as in the steel girders in simple- and continuous-span composite bridges. 
It is shown that thermal stresses can be quite significant and should be included 
in the design of bridges. 

Thermal stresses caused by temperature variation 
through the depth of a composite bridge can be rela
tively large compared with dead or live load 
stresses; such variation has been shown Clr~l to be 
nonuniform in composite concrete deck slab-on-steel 
beam bridges. These thermal stresses are known to 
cause considerable damage in structures <l-~); their 
presence will magnify the development of cracks in 
the concrete deck slab and thus in time cause corro
sion of the steel reinforcing and the steel beams 
and deterioration of the concrete by allowing the 
seepage of salt-laden water. State-of-the-art surveys 
of thermal stresses in bridges were carried out by 
Reynolds and Emanuel (6) and more recently by Imbsen 
and Vandershaf (7). S~prisingly, none of the North 
American codes of practice provides guidance for the 
estimation of thermal stresses, or for the tempera
ture distribution through the depth of the composite 
section; AASHTO (!!_) recently presented a range of 
temperature variation in bridges to account for the 
expansion movement but not for estimating thermal 
stresses. 

The results reported in this paper are based on 
earlier work (2.-11) that investigated the temperature 
distribution and temperature differentials through 
the depth of the composite section; simple formulas, 
suitable for the design office, are derived for es
timating the thermal stresses in simple- and con
tinuous-span bridges. 

ANALYSIS 

Following Zuk (_2,llrlll , the method of analysis is 
based on the following assumptions: 

J.. Plane sections remain plane after any tem
perature change; 

2. The concrete deck slab is restrained in the 
transverse direction of the composite beam by the 
adjacent beam; 

3. Perfect interaction exists between the con
crete deck slab and the steel beam; 

4. Both concrete and steel are elastic; 
S. Temperature distribution is constant longi-

Department of Civil Engineering, University of Wind
sor, Windsor, Ontario N9B 3P4, Canada. 

tudinally and transversely along the beam but non
uniform throughout the depth; 

6. Temperature of the reinforcing steel is the 
same as that of the surrounding concrete, and the 
concrete deck slab is symmetrically reinforced; 

7. Fatigue stresses are negligible; and 
8. The concrete deck slab and the steel beams 

are homogeneous and isotropic. 

Temperature differentials through the depth of 
the composite section give rise to shearing forces 
(F) and couples (Q) at the interface between the 
concrete deck slab and the steel beams as shown in 
Figure 1 (a). The resulting longitudinal strains at 
the bottom of the concrete deck slab and at the top 
of the steel beam can be shown to be (12) 

€'" = [2(1- v' J/AcEcJ [2F - (3Q/2a)] + [(I+ v)/2a] ac {."(Ty 1 

- T 0 )dy 1 + [3 (I + v)/2a 2
] ac f~: (Ty 1 - T 0) Y t dy 1 (!) 

- • ' 2 d2 
Exs - -(Qd l /1,E,) - (F/E,) ((d 1 /!,) + (I/As)] + (a,/A,) f_0 1 

(Ty 

d2 
-T0 )bydy-(d,aJl,)f_d

1 
(Ty -T

0
)byydy (2) 

where 

total longitudinal strain at bottom of 
concrete deck slab and at top of steel 
beam, respectively; 

F = interface shearing force, shown in Fig-
ure _l (a); 

Q interface couple, shown in Figure l(a); 
a= one-half concrete deck slab thickness; 
w = slab width; 

ac, as = concrete and steel thermal expansion 
coefficients, respectively; 

Y1 distance from the centroid of the 

y 

concrete deck slab to a fiber where the 
induced thermal stresses are deter
mined, shown in Figure l(b); 
distance from the centroid of the steel 
section to a fiber where the thermal 
stresses are determined, shown in Fig
ure 1 (b); 
width of steel section at distance y, 
shown in Figure l(b); 
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FIG URE 1 Interface shear and couple and assumed vertical 
temperature distribution. 

concrete and steel modulus of elastic-
ity, respectively; 

As area of the steel section; 
Is c moment of inertia of the steel section; 
T0 initial temperature at time of construc-

tion; 
temperature of any fiber within the 
concrete deck slab, shown in Figure 
1 (c); 

d1, d2 = distance from top and bottom fibers 
in the steel section, respectively, 
measured from the centroid of the steel 
section, shown in Figure l(b); and 

v =Poisson's ratio of the concrete deck 
slab. 

The shearing force (F) and the couple (Q) are de
termined from the compatibility conditions; namely, 
the strain and the radius of curvature for both the 
concrete deck slab and the steel beams must be the 
same at the interface. Thus equating Equations 1 and 
2 for strain leads to 

(3) 

where A and B are coefficients defined in the Appen
dix. To deduce the radius of curvature for the con
crete deck slab at the interface, difference in 
strains at the midplane of the slab and the bottom 
of the slab must be calculated. Such a difference in 
Rtrains due to temperature change is given by 

( 4) 
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and the difference in strains due to F and Q is 

/::;exc2 = (3( 1 - v2)/2a2wE,) (Fa - Q) (5) 

Hence the total difference in strain becomes 

(6) 

From geometry the radius of curvature of the concrete 
deck slab is equal to the ratio a /ll cxc• thus the 
radius of curvature (Rel of the slab at the inter
face becomes 

(7) 

The rad i us o f cur va tur e of t he steel beam a t t he 
int erface c an be deduced from the moment on t he s tee l 
beam given by 

di 
M,=Fd 1 + Q+a,E,J_d

1 
(Ty -T0 )byydy (8) 

Fr om t he flexu r a l f ormula, (l/R) (M/EI) , t he rad iu s 
of c urva ture o f t he s t eel beam a t the interface be-
c omes 

R, = (E, I, /M,) - d 1 (9) 

The last terms in Equations 7 and 9 are relatively 
quite small and therefore may be ignored without 
significant error. With this simplification, equating 
Re to Rs yields an equa tion o f the form : 

KF+RQ=E,E,w[3( 1 + v)a,I , J~,(Ty 1 -T0)y, dy, 

3 d 2 :1 
-2a a , J__d

1
(fy -T0 )byydyj (10) 

where the coefficients K and R are as defined in the 
Appendix. F and Q can be explicitly determined from 
Equations 3 and 10 for any given temperature distri
bution through the depth of the cross section. 

TEMPERATURE DIFFERENTIALS 

From an extensive review of the pertinent literature, 
it was found that the most realistic and simple tem
oerature distribution through the composite section 
is the one-dimensional distribution shown in Figur-e 
l(c); the upper portion of the distribution is linear 
through the depth of the concrete deck slab, and the 
lower portion is uniform through the depth of the 
steel beams. On the basis of previous results (2.), 
the temperature differential ( /I T) between the top 
of the concrete deck slab and the bottom of the steel 
beam can be assumed to be as given in Table 1. The 
maximum temperature differentials pertain to the case 

TABLE 1 Recommended Values for 
Temperature Differential, 6 T 

Maximum 
Minimum 

Summer (°F) 

40 
-7.5 

Winter (°F) 

20 
-7.5 

in which the concrete deck slab is exposed to the 
s un's radiation during the summer and winter, which 
results in a deck slab that is warmer than the steel 
beams; the minimum temperature differentials refer 
to the case in which the concrete deck slab is sud
denly drenched with cold rain or snow and thus cools 
at a faster rate than the steel beams. 
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It can be shown (14) that for the linear uniform 
temperature distribution shown in Figure 1 (c) Q and 
F can be expressed as 

where 

L\ T 

(11) 

(12) 

temperature differential between the 
top and the bottom surfaces of the 
concrete deck slab; 
maximum (or minimum) seasonal temper
ature obtained from a map of iso
therms; 
temperature at casting of concrete; 
and 
constants with values presented in 
Tables 2-7 for different steel beam 
sections, recommende d by the U.S. 
Department of Transportation (1 5 ): 
three concrete deck slab thicknesses ; 
and different concrete compressive 
strengths. 

Explicit expressions for k1 , k 2 • •• are given in 
the Appendix. The moment (M

8
) in the steel beam, 

acting a s a n individua l element, i s 

M,=Fd 1 + Q ( 13) 

When F and Q are known, the thermal stresses in 
the concrete deck slab and in the steel beams can be 
calculated from (g) 

TABLE 2 Thermal Coefficients k1 to k4 for f~ = 3 ksi 

k 1 for 2a = k1 for 2a = 
Steel 
Section 7 in . 8 in . 9 in , 7 in . 8 in. 9 in. 

36x300 -13.46 -17.68 -22.40 -0.19 -0.22 -0.23 
36x280 -I 3.1 l -17 .22 -21.83 -0.l 8 -0 ,20 -0.22 
36x260 -1 2.72 -16.71 -21.l 9 -0.17 -0.19 -0.20 
36x245 -12.43 -16.33 -20.72 -0. 16 -0,18 -0. 19 
36x230 -12 . l 2 -15 .93 -20.24 -0. I 5 -0 .17 -0.17 
36x210 -11.48 -15.10 -19.20 -0. I 3 -0. 14 -0. 15 
36xl94 -11 .17 -14.73 -18.78 -0. 12 -0.l 3 -0. 13 
36xl82 -10.92 -14.41 -18.40 -0. 12 -0.12 -0. 12 
36xl70 -10.65 -14.08 -17.99 -0.11 -0. 11 -0.11 
36xl60 - l 0.41 -13.77 -17.61 -0.10 -0. l 1 -0 10 
36xl50 -10.20 -13.50 -17.29 -0.10 -0.10 -0.09 
36xl35 -9.71 -12.90 -16,55 -0.08 -0.08 -0.08 
33x221 -11.83 -15.51 -19.66 -0.14 -0.16 -0.16 
33x201 - l I .39 -14.96 -18.99 -0.13 -0.14 -0. 14 
33xl41 -9 .83 -12.99 -16.60 -0.09 -0.09 -0 .08 
33xl30 -9 .52 -12 .61 -16. 13 -0.08 -0 .08 -0.07 
33xl 18 -9.16 -12.16 -15 .58 -0.07 -0.07 -0.06 
30xl 16 -8.96 - l 1.82 -15.07 -0.06 -0.06 -0.05 
30xl08 - 8.70 - l 1.5 0 -14.67 -0.06 -0.05 -0.04 
30x99 -8.42 -11.15 -14.24 -0.05 -0.04 -0.03 
27x94 -8. l 6 -10.74 -13.63 -0.05 -0.04 -0,02 
27x84 -7 .84 -10.35 -I 3,14 -0.04 -0 ,03 -0.01 
24x94 -7 .93 -10.36 -13.04 -0 .04 -0,03 -0.02 
24x84 -7.63 -9.99 -12.57 -0 .04 -0.02 -0.01 
24x76 -7.37 -9.66 -12.16 -0 .03 -0.02 o.oo 
24x68 -7. 10 -9.3 I -1J.71 -0 .02 -0.01 0.01 
24x62 -6.80 -8.92 -1 l.2 l -0 .02 0.00 0.02 
21x55 -6.55 -8.60 -10.78 -0.01 0 .00 0.02 
2lx68 -6.80 -8.83 -10.97 -0.02 -0.01 0.01 
21x62 -6.60 -8.56 -10.63 -0 .0 1 0.00 0.02 
21 x50 -6.08 -7 .88 -9.73 0.00 0.01 0.03 
21 x44 -5.84 - 7.55 -9.29 0.00 0.02 0.04 
18x55 -5.97 -7.61 -9.28 -0.01 0.01 0.03 
18x50 -5. 78 -7.37 -8.95 -0 .00 0.01 0.03 

axc=(F/2ow)+ (3(Fa-Q)y 1/2a 3w] - [a,E,/(1-v)] (Ty, -T0 ) 

+ [<>cEc /2a( l -v)] (~ (Ty
1 
-T0 )dy, 

+ [3a,E,/2a-'(1 - v)] Y1 ('.(Ty, -To)y1cly, 

Uxs =-a,E,(Ty -T0 ) + (a,E) AsJJdd
2 

(Ty -T0 )bydy 
- J 

<12 

+ (o:,E,/1,) J_d, (T" - T 0 ) bydy + (Q/lsJ y 

+ F [(d I /I,)y- (l/A,)] 
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(14) 

( 15) 

(16) 

<1 zc 

thermal stresses indu ced through the 
depth of the concrete deck slab and 
the steel beams in the longitudinal 
direction (x), respectively, and 
thermal stress induced through th e 
depth of the concrete deck slab in the 
transverse direction (z). 

For the assumed linear uniform temperature dis
tribution in Figure l(c), Equations 14 and 15 reduce 
to 

axe= (F/2aw)- (Q/IJ Yi +(Fa/ I, ) Y1 

Oxs = (-F/2aw) + (Q/I,) y + (Fd, /I,) y 

( 17) 

( 18) 

where Ic is the moment of inertia of the concrete 
deck slab about its own centroid . 

k3 fo r 2a = k4 for 2a = 

7 in . 8 in . 9 in. 7 in. 8 in . 9 in. 

0.03 0.04 0.05 -0.13 -0 .10 -0.08 
O.o3 0.04 0,05 -0.13 -0.10 -0.07 
0.03 0.04 0.04 -0.12 -0.09 -0.07 
0 .03 0 .04 0.04 -0.I 2 -0.09 -0.07 
0.03 0.04 0.04 -0.12 -0.09 -0.06 
0.03 0.03 0.04 -0.11 -0.08 -0 ,06 
O.Q3 0.03 0.04 -0.10 -0.07 -0.05 
0.03 0.03 0.04 -0.10 -0.07 -0 .05 
0.03 0.03 0.03 -0.10 -0.07 -0 .05 
0.03 0,03 0.03 -0.09 -0.06 -0.04 
0.03 0.03 0.03 -0.09 -0.06 -0.04 
0 .02 0.03 0.03 -0.08 -0.05 -0.03 
0.03 0.04 0.04 -0. I l -0.08 -0 .06 
0.03 0.03 0.04 -0.l l -0.08 -0 .06 
0.02 0.03 0.03 -0.08 -0 ,06 -0.04 
0.02 0.03 O.D3 -0.08 -0.05 -0.03 
0.02 0.02 0,03 -0,07 -0.04 -0 .03 
0.02 0.02 0.03 -0.07 -0.04 -0.02 
0.02 0.02 0.02 -0.06 -0.04 -0 ,02 
0.02 0.02 0.02 -0.06 -0 .03 -0.02 
0.D2 0.02 O.D2 -0.05 -0.03 -0.01 
O.Q2 0.02 0.02 -0.05 -0.02 -0.01 
0 .02 0.02 0.02 -0.05 -0.03 -0.01 
0.02 0.02 0,02 -0.04 -0.02 -0.00 
0 ,02 0.02 0.02 -0.04 -0.02 0 .00 
0.02 0.02 0.02 -0.03 -0.01 0.DI 
0 .01 0.02 0.02 -0.02 0.00 0.01 
0.01 0.01 0.01 -0.01 0.00 0.02 
0 .02 0.02 0.02 -0.03 -0.01 0.01 
0 .01 0,02 0.02 -0.02 0.00 0 .01 
0.01 0.01 0.01 -0.01 0.01 0,02 
0.01 0.01 0.01 0.00 0.02 0.03 
0.01 0.01 0.02 -0.01 0.01 0.02 
0.01 0.01 0.01 0.00 0.02 0.03 



TABLE 3 Thermal Coefficients k 1 to k4 for f~ = 4 ksi 

k 1 for2a= k 2 for 2a = k 3 fol' 2a = k4 for 2a = 
Steel 
Section 7 in . 8 in. 9 in. 7 in. 8 in. 9 in. 7 in. 8 in . 9 in . 7 in. 8 in. 9 in . 

36x300 -14.18 -18.63 -23 .63 -0. 19 -0.22 -0.23 0.04 0 .04 0 .05 -0. 13 -0.10 -0.07 
36x280 -13 .82 -18 . 16 -23.04 -0 .18 -0.20 -0.22 0.04 0 .04 0.05 -0. 12 -0.09 -0 .07 
36x260 -13.41 -17 .62 -22 .38 -0 .17 -0. 19 -0.20 0.03 0.04 0 .05 -0.12 -0.09 -0.07 
36x245 -] 3. 10 -17.23 -21.89 -0 .16 -0.18 -0. 19 0.03 0.04 0.04 -0.12 -0.09 -0.06 
36x230 -l 2.78 -16.82 -21.40 -0.15 -0. 17 -0. 17 0.03 0.04 0.04 -0 . J 1 -0.08 -0 06 
36x2JO -12 11 -15.95 -20.32 -0 .13 -0.14 -0.14 0.03 0.04 0.04 -0.J 0 -0.07 -0 .05 
36xl94 -11.80 -15.58 -19.90 -0.12 -0.13 -0. 13 0.03 0.03 0.04 -0.10 -0.07 -0 .05 
36x182 - J 1.54 -15.25 -19 .50 -0.l 2 -0. 12 -0. 12 0 .03 0.03 0 .04 -0.09 -0 .07 -0 ,05 
36x170 -11 26 -14.91 -19 .09 -0.11 -0.11 -0.11 0.03 0.03 0.03 -0.09 -0.06 -0.04 
36xl60 -11.00 -14.59 -18 .70 -0.10 -0.10 -0. 10 0 .03 0.03 0.03 -0 .09 -0.06 -0.04 
36xl 50 -10.79 -14.31 -18.37 -0 .09 -0. 10 -0.09 0 .03 0.03 0.03 -0 08 -0.06 -0.04 
36xl35 -10.29 -13.69 -17.60 -0 .08 -0.08 -0.07 0 ,02 0,03 0.03 -0.07 -0.05 -0.03 
33x221 -12.47 -16 .37 -20.79 -0.14 -0.16 -0. 16 0.03 0.04 0.04 -0.J l -0.08 -0.06 
33x201 -12 .02 -15 .80 -20.09 -0 .13 -0.14 -0. 14 0 .03 0.04 0.04 -0. J 0 -0 .07 -0.05 
33xl41 -I 0.41 -13 .78 -17 64 -0 .09 -0.09 -0.08 0.03 0.03 0 03 -0.08 -0.05 -0.03 
33xl30 -10.08 -13 .38 -17 .15 -0.08 -0.07 -0.06 0 .02 0.03 0.03 -0.07 -0.05 -0,03 
33xl18 -9 .71 -12.92 -16.58 -0.07 -0.06 -0.05 0 02 0.03 0 .03 -0.07 -0.04 -0,02 
30xl16 -9. 49 -12.56 -16 .. 03 -0.06 -0.06 -0.04 0 .02 0.03 0.D3 -0.06 -0.04 -0.02 
30xl08 -9.23 -12.22 -15 .61 -0.06 -0.05 -0.03 0.02 0.02 0.03 -0.06 -0.03 -0 02 
30x99 -8.94 -11.8 7 -15 .17 -0.05 -0.04 -0 02 0.02 0.02 0.02 -0.05 -0.03 -0.01 
27x94 -8 .66 -11.42 -14.51 -0.04 -0.03 -0.02 0 .02 0.02 0 .02 -0.05 -0 .01 -0 .01 
27x84 -8.33 -11.01 -13.99 -0.04 -0.02 -0.01 0.02 0.02 0.02 -0.04 -0.02 0.00 
24x94 -8.41 -11.01 -13 .86 -0.04 -0.03 -0.01 0.02 0.02 0.0'.' -0.05 -0.02 0 .01 
24x84 -8.10 -10.62 -13.37 -0 .03 -0.02 0.00 0 .02 0.02 0 .02 -0 .04 -0.02 0 .00 
24x76 -7.84 -10.28 -12.94 -0.03 -0.01 0.01 0 .02 0.02 0.02 -0 ,03 -0.01 0.00 
24x68 -7 .55 -9.91 - I 2 .46 -0.02 -0.01 0.01 0 .02 0.02 0.02 -0.03 -0 ,01 0.01 
24x62 -7.24 -9.51 -11.94 -0.Ql 0.00 0.02 0 .01 0.02 0.02 -0 .02 0.00 0.01 
2lx55 -6.98 -9.16 -11.48 -0.01 0.01 0.03 0.01 0.01 0 OJ -0.01 0.01 0.02 
2lx68 -7 . 23 -9.38 -11.66 -0.02 0 .00 0.02 0 .02 0,02 0 .02 -0.02 0 ,00 0 .01 
2lx62 -7.02 -9 .11 -11 .29 -0.01 0 ,00 0 ,03 0,02 0.02 0.02 -0.02 0.00 0.02 
2Jx50 -6.48 -8.39 -10.34 0 .00 0.02 0.04 0.01 0.01 0.01 0 00 0 .02 0 .03 
2Jx44 -6.23 -8.04 -9.86 0 .00 0.02 0.04 0.01 0.01 0.01 0.01 0 .02 0 .03 
18x55 -6.34 -8.08 -9.83 0.00 0.01 0.04 0 .01 0.01 0 .02 0 .00 0.01 0 ,03 
18x50 -6.15 -7.82 -9.48 0.00 0.02 0.04 0.01 0.01 0.01 0.00 0.02 0 .03 

TABLE 4 Thermal Coefficients k 1 to k4 for f~ = 5 ksi 

k 1 for 2a = k2 for 2a = k 3 for2a= k4 for 2a = 

Steel 
SecUon 7 in. 8 in . 9 in . 7 in. 8 in . 9in 7 in 8 in . 9 jn, 7 in . 8 in , 9 in . 

36x300 -14.62 -19.21 -24.37 -0.19 -0.22 -0.23 0.04 0 .04 0.05 -0. 12 -0.09 -0.07 
36x280 -14.25 - 18 ,72 23.78 -0. j 8 -0.20 -0 ,22 A"' A A' 0 .05 -0.J 2 r\ (\C) -0.07 U , V'"t U,V"'t -v.v;1 

36x260 -13.82 -18.18 -23. 11 -0. 17 -0 ,19 -0 20 0 .04 0.04 0.05 -0. 12 -0 .09 -0 .06 
36x245 -13.51 -17.77 -22.61 -0 .16 -0. 18 -0.18 0.03 0.04 0.05 -0.11 -0 ,08 -0.06 
36x230 -13 .18 -17 .36 -22 . 10 -0.15 -0. 17 -0 .17 0 .03 0.04 0.04 -0. 11 -0 .08 -0 ,06 
36x210 -12.49 - I 6.4 7 -21.01 -0.13 -0.14 -0 .14 003 0.04 0 ,04 -0 .10 -0 .07 -0.05 
36xl94 -12 . 18 -16.10 -20.58 -0.12 -0. 13 -0 .13 0 ,03 0.04 0 .03 -0.10 -0.07 -0.05 
36xl82 -11.91 -15 .76 -20 .18 -0.12 -0. 12 -0.12 0,03 0.04 0 .03 -0.09 -0.06 -0.04 
36x170 -11.63 -15.41 -19 .76 -0. 11 -0.11 -0 11 0,03 0 .03 0 .04 -0.09 -0.06 -0.04 
36xl60 -1 1.37 -15.09 -19.36 -0.10 -0.10 -0.l 0 0,03 0.03 0.03 -0 .08 -0.06 -0.04 
36xl50 -11.15 -14.81 -19 .02 -0.09 -0.10 -0.09 0 ,03 0.03 0 ,03 -0.08 -0.05 -0.03 
36xl35 -10.64 -14.18 -18.25 -0.08 -0 .08 -0.07 0.02 0 .03 0.03 -0.07 -0.05 -0.03 
33x221 -12.86 -16.90 -21.47 -0.14 -0.16 -0.16 0.03 0.04 0 .04 -0.11 -0.08 -0.05 
33x201 -12.40 -16 .32 -20.76 -0.13 -0.14 -0. 14 O.D3 0 ,04 0.04 -0.10 -0.07 -0.05 
33xl41 -10.76 -14 .26 -18.27 -0 09 -0 .08 -0.o? 0.03 0.03 0 .03 -0.07 -0.05 -0.03 
33xl30 -10.43 -13.85 -17.77 -0.08 -0.07 -0.06 0.02 0.03 0.03 -0.07 -0.04 -0.03 
33xll8 -] 0.05 -13.38 -17 .19 -0 .07 -0.06 -0.05 0.02 0.03 0.03 -0.06 -0.04 -0.02 
30xl 16 -9.82 -13 .00 -16.61 -0.06 -0 .06 -0.04 0 .02 0,03 0.03 -0 06 -0.04 -0.02 
30xi08 -9.55 -12.66 -16.19 -0.06 -0 .05 -0.03 0 .02 0.02 0.03 -0.05 -0.03 -0.01 
30x99 -9 .26 -12 .30 -15 .74 -0.05 -0.04 -0.02 0 ,02 0.02 0.02 -0.05 -0 ,03 -0 ,01 
27x94 -8.97 -11.84 -15 ,04 -0 .04 -0 .03 -0.Dl 0.02 0 .02 0.02 -0.05 -0.02 -0.01 
27x84 -8.63 -11.42 -14.51 -0.03 -0.02 0.00 0 .02 0.02 0 .02 -0.04 -0.02 0.00 
24x94 -8.70 -11.40 -14.36 -0.04 -0.03 -0.01 0 .02 0.02 0.02 -0.04 -0.02 0.00 
24x84 -8 .39 -11.00 -13.86 -0.03 -0.02 0.00 0 .02 0.02 0.02 -0.04 -0.01 0 .00 
24x76 -8 .12 -10.65 -13.41 -0.03 -0.01 0 .01 0 .02 0.02 0.02 -0.03 -0.01 0.01 
24x68 -7 .83 -10.28 -12 .92 -0.02 o.oo 0.02 0 .02 0.02 0 .02 -0 ,02 0 ,00 0 .01 
24x62 - 7 .51 -9.86 -12.38 -0.01 o.oo 0 ,03 O.Dl 0.02 0.02 -0.01 0 .00 0 .02 
2lx55 -7 .25 -9.51 -11.90 -0.01 0 .01 0 .03 0 .01 0.01 0.01 -0.01 0.01 0.02 
2lx68 -7.49 -9.72 -12 .07 -0.02 0 .00 0 .02 0.02 0 .02 0 .02 -0.02 0.00 0.01 
2lx62 -7 .28 -9.44 -11.69 -0.01 0 .01 0.03 0.02 0.02 0.02 -0.01 0.01 0.02 
2lx50 -6 .72 -8.70 -10.71 0.00 0 .02 0 .04 0.01 O.Dl 0 .01 0.00 0.02 0.03 
2lx44 -6.46 -8.33 -I 0 .21 0.01 0 .02 0.04 0.01 0 .01 0.01 0,01 0.02 0.03 
18x55 -6.57 -8.3 7 -10.16 0.00 0.02 0 .04 0.01 0.02 0.02 0.00 0.02 0.03 
18x50 -6.37 -8.l 0 -9.80 0.00 O.D2 0.04 0.01 0.01 0.01 0 .00 0.02 0.03 



TABLE 5 Thermal Coefficients k1 to k4 for f~ = 6 ksi 

k 1 for 2a = k1 for 2a = k1 for '.!a= k4 for '.!a = 
Steel 
Section 7 in. 8 in. 9 in . 7 in. 8 in. 9 in. 7 in. 8 in. 9 in. 7 in , 8 in. 9 in. 

36x300 -14.84 -19.50 -24.76 -0.19 -0.22 -0.23 0.04 0.04 0.05 -0.12 -0.09 -0.07 
36x280 -14.46 -19.01 -24.15 -0.18 -0.20 -0.22 0.04 0.04 0.05 -0.12 -0.09 -0.07 
36x260 -14.04 -18.46 -23.48 -0.17 -0.19 -0.20 0.04 0.04 0.05 -0.11 -0 ,08 -0.06 
36x245 -13.72 -18.06 -22.98 -0.16 -0.18 -0 18 0 ,04 0.04 0.05 -0.11 -0.08 -0.06 
36x230 -13.39 -17.64 -22.47 -0.J 5 -0.17 -0.l 7 0.03 0.04 0.04 -0.11 -0.08 -0.06 
36x210 -J 2.69 -16.74 -21.36 -0.13 -0.14 -0.14 0 .03 0.04 0.04 -0.10 -0.07 -0.05 
36xl94 -12.37 -16 .36 -20.93 -0.12 -0.13 -0.13 0,03 0.04 0.04 -0.09 -0.07 -0.04 
36xl82 -12.10 -16.03 -20.53 -0.12 -0.12 -0.12 0.03 0.03 0.04 -0.09 -0 .06 -0.04 
36xl70 -11.82 -15.67 -20.10 -0.11 -0.11 -0.11 0.03 0.03 0.04 -0.09 -0 .06 -0.04 
36xl60 -11.5 6 -15.34 -19.70 -0.10 -0.10 -0. 10 0.03 0.03 0.03 -0.08 -0.05 -0.04 
36xl50 -11.33 -15 .07 -19.36 -0.09 -0.09 -0.09 0.03 0.03 0.03 -0.08 -0.05 -0 .03 
36xl35 -J 0.82 -14.43 -18.58 -0.08 -0.08 -0.07 O.Q3 0.03 0.03 -0.07 -0.04 -0.03 
33x221 -13.06 -17 .l 7 -21.82 -0.14 -0.16 -0.l 6 0.03 0.04 0.04 -0.10 -0.07 -0.05 
33x201 -12 .60 -16.58 -21.l 1 -0. 13 -0.14 -0. 14 0.03 0.04 0.04 -0.10 -0.07 -0.05 
33xl41 -10.94 -14.51 -18,59 -0.08 -0.08 -0.07 0.03 0.03 0.03 -0.07 -0.05 -0.03 
33xl30 -10.61 -14.10 -18.09 -0.08 -0.07 -0.06 CY.02 0.03 0.03 -0.07 -0.04 -0.02 
33xll8 -l 0.23 -13.62 -17.51 -0.o7 -0.06 -0.05 0.02 0.03 0.03 -0 ,06 -0.04 -0.02 
30xll6 - 9.99 -13.24 -16.91 -0.06 -0.05 -0.04 0.02 0.03 0.03 -0.06 -0.03 -0.02 
30x108 -9.72 -12.89 -J 6.49 -0.05 -0.05 -0.03 0.02 0.02 0.03 -0.05 -0.03 -0.01 
30x99 - 9.43 -12.53 -16.03 -0 05 -0,04 -0.02 0.02 0.02 0.02 -0.05 -0.02 -0.01 
27x94 -9.12 -12.05 - I 5 .32 -0.04 -0.03 -0.01 0.02 0,02 0.02 -0.04 -0.02 -0 .01 
27x84 -8.79 -11.63 -14.77 -0.03 -0.02 0.00 0.02 0.02 0.02 -0.04 -0 .02 0.00 
24x94 -8.85 -11.60 -14.62 -0.04 -0.03 -0.01 O.D2 0.02 0.02 -0.04 -0.02 0.00 
24x84 -8 .54 -1 l .20 -14.11 -0.03 -0.02 0.00 0.02 0.02 0,02 -0.03 -0 .01 o.oo 
24x76 -8.27 -10.85 -13.65 -0.02 -0.01 0.01 0.02 0.02 0.02 -0.03 -0.01 0.01 
24x68 -7.97 -I 0.4 7 -13.l 5 -0.02 0.00 om 0.02 0.02 0.02 -0.02 0 .00 0.01 
24x62 - 7 .65 -10.05 -12.61 -0.01 0.01 0.03 0.01 0.02 0.02 -0.01 0.00 0.02 
21 x55 -7 .39 -9.69 -12.12 -0.01 0.01 0.03 0.01 0.01 O.OJ -0.01 0.01 0,02 
21x68 -7. 63 -9.90 -12.29 -0.01 0.00 0.03 0.02 0.02 0.02 -0.02 0.00 0.02 
21x62 -7.41 -9.61 -11.90 -0.01 0.01 0.03 0.02 0.02 0.02 -0.01 0.01 0.02 
21x50 -6.85 -8.86 -10.89 0.00 0.02 0.04 0.01 0.01 0.01 0.00 0.02 0.03 
21x44 -6.58 -8.49 -10.38 O.Ql 0.02 0.05 0.01 0.01 0.01 0.01 0.02 0,03 
I 8x55 -6.68 -8.51 -10.33 0.00 0.02 0.04 0.01 0.02 O.D2 0.00 0.02 0.03 
18x50 -6.48 -8.24 -9.96 0.00 0.02 0.04 0.01 0.01 O.QI 0.00 0.02 0.03 

TABLE6 Thermal Coefficients k1 to k4 for f~ = 7 ksi 

k 1 for2a= k2 for 2a = k1 for 2a = k4 for 2a = 
Steel 
Section 7 in . 8 in. 9 in. 7 in. 8 in. 9 in. 7 in . 8 in. 9 in . 7 in. 8 in. 9 in. 

36x300 -14.89 -19.57 -24.85 -0. 19 -0.22 -0.23 0.04 0.04 0.05 -0.J 2 -0.09 -0.07 
36x280 -14.5 l -19.08 -24.24 -0.18 -0.20 -0.22 0.04 0.04 0.05 -0.12 -0.09 -0,07 
36x260 -14.09 -18.53 -23.56 -0.17 -0.19 -0.20 0.04 0.04 0.05 -0.11 -0.08 -0.06 
36x245 -13.77 -18 . l 2 -23.06 -0. 16 -0.18 -0.18 0.04 0.04 0.05 -0.11 -0 .08 -0.06 
36x230 -13.44 -17 .70 -22 .55 -0.15 -0.17 -0.17 0.03 0.04 0 .04 -0. 11 -0.08 -0.06 
36x210 -12.74 -16.80 -21 .44 -0.13 -0 .14 -0 .14 0.03 0.04 0 .04 -0.10 -0 .07 -0.05 
36xl94 -12.42 -16.43 -20.02 -0.12 -0.13 -0.13 O.Q3 0.04 0 .04 -0.09 -0.07 -0.04 
36xl82 -12.15 -16 .09 -20.61 -0 .12 -0 .12 -0.12 0,03 0.03 0.04 -0.09 -0 .06 -0.04 
36xl70 -11.86 -15.74 -20.18 -0. 11 -0.11 -0.I l 0.03 0 .03 0 .04 -0.09 -0 .06 -0.04 
36xl60 -11.60 -15 .40 -19.78 -0 .l 0 -0 ,10 -0.10 0.03 0.03 0.03 -0.08 -0.05 -0.04 
36x l50 -11.38 -I 5.13 -19.44 -0.09 -0.09 -0.09 0,03 0.03 0.03 -0.08 -0.05 -0.03 
36xl35 -10.87 -14.49 -18.66 -0.08 -0 .08 -0.07 0.03 0.03 0.03 -0.07 -0.04 -0.03 
33x221 -13.11 -17.23 -21.91 -0.14 -0.16 -0. 16 0.03 0.04 0.04 -0.10 -0.07 -0.05 
33 x20 1 -12.64 -16.64 -21.19 -0.13 -0.14 -0.14 0.03 0.04 0.04 -0.10 -0.07 -0.05 
33xl 41 -10.98 -14.57 -18.67 -0.08 -0.08 -0.07 0.03 0.03 O.Q3 -0.07 -0.05 -0.03 
33xl30 -10 .65 -14.15 -18.l 6 -0.08 -0.07 -0.06 0.03 0.03 0.03 -0.07 -0.04 -0.02 
33xl 18 -10.27 -13.68 -17.58 -0.07 -0.06 -0.05 0.02 0.03 O.Q3 -0.06 -0.04 -0.02 
30xll6 -10.03 -13.29 -16.98 -0.06 -0.05 -0.04 0.02 0.03 0.03 -0.06 -0.03 -0.02 
30x l08 -9.75 -12.95 -16.55 -0.05 -0.05 -0.03 0.02 0.02 0.03 -0.05 -0.03 -0.01 
30x99 -9.46 -12.58 -16.10 -0.05 -0.04 -0.02 0.02 0.02 0.02 -0.05 -0,02 -0.01 
27x94 -9.16 -12.10 -15.38 -0.04 -0.03 -0.01 0.02 0.02 0.02 -0.04 -0.02 -0.01 
27x84 -8 .83 -11.68 -14.84 -0.03 -0.02 0.00 0.02 0.02 0.02 -0.04 -0.01 0.00 
24x94 -8.89 -11.65 - 14.68 -0.04 -0.03 0.00 0.02 0.02 0.02 -0.04 -0.02 0.00 
24x84 -8.57 -11 .25 -14.16 -0.03 -0.02 0.00 0,02 0.02 O.Q2 -0.03 -0.01 0.00 
24x76 -8.30 -10.89 -13.71 -0.02 -0.01 0 .01 0.02 0.02 0.02 -0.03 -0.01 O.OJ 
24x68 -8.0 1 -10.51 -13.21 -0.02 -0.00 0.02 0,02 0.02 0.02 -0.02 0.00 0.01 
24x62 -7 .68 -10.09 -12.66 -0.01 0.01 0.03 0.01 0 .02 0.02 -0.01 0.00 0.02 
2lx55 - 7.42 -9.73 -12.17 -0.01 0.01 0.03 0.01 0.01 0.01 -0.01 0.01 0.02 
2lx68 -7.66 -9.94 -12.34 -0.01 0,00 O.D3 0.02 0.02 0.02 -0.02 0.00 0.02 
21x62 -7.44 -9 .65 - I 1.95 -0.01 0 .01 O.OJ 0 .01 0,02 0.02 -0.01 0.01 0.02 
2lx50 -6.88 -8.89 -10.94 0.00 0.02 0.04 0 ,01 0.01 0.01 0.00 0.02 0.03 
2lx44 -6.61 -8.5 2 - I 0.42 0.01 0.02 0.05 0.01 0.01 0.01 0.01 O.D2 0.03 
18x55 -6.7 l -8 .55 -10.37 0.00 0 .02 0.04 0.01 0.02 0,02 0.00 0.02 0.03 
18x50 -6.5 l -8.27 -10.00 0.00 0.02 0.04 0.01 0.01 0.01 0.00 0.02 O.Q3 
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TABLE 7 Thermal Coefficients k 1 to k4 for f~ = 8 ksi 

k 1 for 2a = k 2 fo r 2a = 
Steel 
Section 7 in , 8 in. 9 in , 7 in, 8 in . 

36x300 -14.79 -19 .43 -24.67 -0.19 -0 .22 
36x280 -14.41 -18 .95 -24.07 -0.18 -0 .20 
36x260 -13.99 -18.40 -23 .39 -0.l 7 -0 .19 
36x245 -13.67 -17.99 -22 .89 -0 J 6 -0 .18 
36x230 -13.34 -I 7 .57 -22.38 -0.15 -0 .17 
36x210 -12.65 -16.68 -21.28 -0.13 -0 .14 
36xl94 -12.33 -16.30 -20 ,85 -0.12 -0 .13 
36xl82 -12.06 -15 .97 -20.45 -0.12 -0 .12 
36xl 70 -11.78 -15 .61 -20 .02 -0. 11 -0.11 
36xl60 -11.51 -15.28 -19.62 -0.10 -0 .10 
36xl50 -11.29 -15 .01 -19.28 -0.09 -0 .09 
36xl35 -10.78 -14.37 -18.50 -0.08 -0 .08 
33x22 l -13.01 -17 .11 -21.74 -0.14 -0 .16 
33x201 -12.55 -16.52 -21.03 -0.13 -0.14 
33xl41 -10.89 -14.45 -18.52 -0.09 -0 .08 
33xl 30 -10.56 -14.04 -18.01 -0.08 -0 .07 
33xl 18 -10.19 -13.57 - I 7 .43 -0.07 -0 .06 
30xl 16 -9.95 -13.18 -16 .84 -0.06 -0.05 
30xl 08 -9.68 -12.84 -16.42 -0.05 -0.05 
30x99 -9.39 -12.47 -15.96 -0.05 -0.04 
27x94 -9 ,09 -12.00 -15.25 -0,04 -0.03 
27x84 -8 ,75 -11.58 -14 .71 -0.03 -0 .02 
24x94 -8.82 -11.56 -14.56 -0.04 -0 ,03 
24x84 -8.50 -II.IS -14.05 -0.03 -0.02 
24x76 -8.23 -10,80 -] 3.59 -0.02 -0 .0J 
24x68 - 7.94 - I 0.42 -13.JO -0.02 -0 .00 
24x62 -7 .62 -10.00 -12 .55 -0.01 0.01 
2lx55 - 7 .35 -9 .65 -12 .07 -0.01 0.01 
2lx68 - 7.59 -9.86 -12.24 -0.01 0.00 
21x62 -7 .38 -9.57 -I l.85 -0.01 0.01 
2J xSO -6.82 -8.82 -J 0.85 0.00 0,02 
21x44 -6.56 -8.45 -10,34 0.01 0.02 
J 8x5 5 -6.66 -8.48 -I 0.29 0.00 0.02 
l 8x50 -6 46 -8.21 -9.92 0.00 0.02 

The thermal stresses given by Equations 17 and 18 
are for simply supported composite bridges. In the 
case of continuous composite bridges the resultant 
thermal stresses are obtained by super imposing the 
thermal stresses given by Equations 17 and 18 and 
the stresses induced by the presence of the inter
mediate supports; these latter stresses are derived 
from the redundant moments resulting from continuity, 
as shown in Figure 2. This will be illustrated in 
the design example given later. 

DISCUSSION 

The adopted maximum and minimum temperature differ
entials (6T) for both summer and winter, given in 
Table 1, are based on shade air temperatures found 
from maps of isotherms for the particular construc
t ion site considered. These temperature differentials 
were chosen to represent the most unfavorable condi
tions expected, as proposed by Zuk C!l) and confirmed 
by Emanuel and Hulsey (!.l . The suggested minimum 
temperature differentials in summer and winter of 
-7.5°F compare favorably with those given by the 
Bi:llbl1 Sld!!Udtu» BS 5400 (16) dllU wil11 th!,! VdlU!,!» 
calculated by Emanuel and Hulsey (1) using a finite 
element analysis. Although the maximum temperature 
differential of 40°F for summer is higher than the 
25°F given in BS 5400 (16), it is in good agreement 
with the value obtained by Emanuel and Hulsey (1). 

Both German specifications DIN 1072 and DIN 1078 
(!]) have suggested a linear temperature distribution 
through the section depth from the top of the con
crete deck slab to the soffit of the steel beam; 
however, because the diffusivity of the steel is much 
higher than that of the concrete, such a temperature 
distribution is unrealistic compared with the one 
adopted herein (!!) . The use of Tables 2 through 7 
for the constants k1 to k4 in estimating the thermal 

9 in , 
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k 3 for2a= k 4 fo r 2a = 

7 in , 8 in . 9 in. 7 in . 8 in. 9 in. 

0,04 0.04 0.05 -0.12 -0.09 -0.07 
0.04 0.04 0.05 -0..1 2 -0.09 -0.07 
0.04 0.04 0.05 -0. 1 ~ -0.08 -0.06 
0.03 0.04 0.05 -0. l I -0.08 -0.06 
0.03 0.04 0.04 -0 .11 -0 .08 -0 .06 
0,03 0.04 0.04 -0.10 -0.07 -0.05 
0,03 0,04 0.04 -0.09 -0.07 -0,05 
0.03 0.03 0.04 -0.09 -0.06 -0,04 
0.03 0.03 0.04 -0.09 -0.06 -0.04 
0.03 0.03 0.03 -0.08 -0.06 -0.04 
0.03 0.03 0,03 -0.08 -0.05 -0,03 
0.03 0.03 0.03 -0.07 -0.04 -0.03 
0.03 0.04 0.04 -0.10 -0.07 -0.05 
0,03 0.04 0.04 -0.10 -0.07 -0.05 
0,03 0.03 ·0.03 -0.07 -0.05 -0.03 
0.02 0.03 0.03 -0.07 -0.04 -0 .02 
0,02 0.03 0.03 -0.06 -0.04 -0 .02 
0.02 0.03 0.03 -0.06 -0.03 -0 .02 
0.02 0.02 0.03 -0.05 -0.03 -0.01 
0.02 0.02 0 ,02 -0.05 -0.02 -0.01 
0.02 0.02 0.02 -0.04 -0.02 -0.0J 
0,02 0.02 0.02 -0.04 -0.02 0.00 
0.02 0.02 0.02 -0.04 -0.02 0.00 
0.02 0.02 0 ,02 -0,03 -0.01 0.00 
0,02 0.02 0.02 -0.03 -0 ,0J O.OJ 
0.02 0.02 0.02 -0.02 0.00 0.01 
0.01 0.02 0.02 -0.01 0.00 0.02 
0.0J 0.01 O.Ol -0.01 0.0J 0.02 
0.02 0 .02 0.02 -0,02 0.00 0.01 
0.02 0.02 0 .02 -0,01 0.01 0.02 
0.01 0.0J 0,01 0.00 0.02 0.03 
0.01 0.01 0.0J 0,01 0.02 0.03 
0.01 0,02 0.02 0.00 0.02 0.03 
0.01 0.01 0.01 0.00 0.02 0 ,03 

stresses will be demonstrated by the following worked 
example. 

Worked Example 

It is necessary to estimate the thermal stresses in
duced in a two-span continuous concrete composite 
bridge with the following characteristics: 

in.; 

Length of span = 80 ft; 
Effective concrete deck slab width (w) 96 

Concrete deck slab thickness (2a) = 8 in.; 
f~ = 8 ksi; 

• f for WF 36x245 steel beam of grade A36 

36 ksi~ 
• E = 20 x 10' ksi; 
• E~ = 3.9 x 10' ksi (private communication from 

D.W. Pfeifer, Portland Cement Association, May 1970); 
• m = 7.44; 

Poisson's ratio of concrete (v) = 0.2; and 
ac = 5.5 x 10- 6 /°F. 

With reference to Fiyure 1 (c), T0 = 60°F and Tb 
= 85°F maximum in summer and -22°F minimum in winter. 

Solution 

There are four cases of temperature variations 
through the depth of the section that have to be 
considered. However, for brevity only Case (iv), 
shown in Figure 3(a), will be given in detail here; 
the same procedure will apply to the other three 
cases. From geometry of the composite section, Ac 
=768in. 2

; Ic=4,096 in. 4
; As=72.l in.'; Is: 

16,100 in.•; and moment of inertia of transformed 
composite section (It) = 37,283 in.'. Using Table 7 
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From Equations 17 and 18, the thermal stresses in
duced (with the intermediate pier support assumed 
removed) are 

top 

Oxc 

bottom 

top 

bottom 

! ~ (-56.21 /768) - (-715.10/4096) 

-4 

+4 

-4 -0.55 ksi 

+ [(-56.21X4)/4096J 
+4 0.41 ksi 

I !-18.041 
= (56.21172.1) + [(-56.21X18.04)/161001 

+18.04 

-18.04 ! ~ 2.72 ksi 
+ (-715.10/16100) 

+18.04 -1.16 ksi 

Because of the thermal strains and the presence of 
the intermediate pier support, the redundant moment 
at the pier support for a two-span continuous bridge 
is (Figure 2) 

MR= (3/2)(-M,) (Itfl,) (I 9) 

or 

MR= (3/2) (I 729.13) (37283/16100) = 6,006.26 kip-in. 

The resulting stresses from a = (M/I)y are 

for f~ = 8 ksi, (2a) = 8 in., yields 
kip-in., k2 = -0.18 kip-in., k3 = 0.04 
k4 = -0.08. Thus, from Equations 11-13, 

k1 = -17.99 
kip., and top } {-13.06} -0.28 ksi 

Oxc = [6,006.26/37283 (7.44)] = 

Q = ( 40)(-17.99) - (85 - 60)(-0.18) = -715.l 0 kip-in. 

F = (85 - 60)(0.04)- (-715.10)(-0.08) = -56.21 kips 

M, = (-56.21) (18.04) + (-715.10) = -1,729.13 kip-in. 

. • 
LI 96 t T 
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WF36'24i 
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fz=l.95 
fz•l.75++ 
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~:'" U'' ~' 
-22• 60°f 60' as0 f 60° ss"F 

Case (ii) Cose (iii) Cose(iv) 
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0.0 • - · 1.16 

FIGURE 3 Induced thermal stresses in the bridge design example. 
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Thus the resultant thermal stresses at a section near 
the pier support become 

top -0.55 - 0.28 = -0.83 ksi 
Oxc 

bottom J 0.41 - O. l l = 0.30 ksi 

top } 2. 72 - 0.82 = 1.90 ksi 
Dxs = 

bottom -1.16 + 5.00 = 3.84 ksi 

The thermal stresses in the concrete deck slab in 
the transverse direction are calculated from Equation 
16 as 

top } (0.2)(-0.83) - (5.S)(W- 6 )(3.9) (J0 3
) (125 - 60) = -1.56 ksi 

Ozc bottom = (0.2)(0.30)- (5.5)(J0-- 6 )(3.9)(l03 ) (85 - 60) = -0.48 ksi 

The induced thermal stresses for the other three 
cases, (i) to (iii), are presented in Figure 3(b). 
The thermal stresses at sections near the outer sup
ports are shown in Figure 3(c). These results indi
cate that significant tensile thermal stresses can 
develop in the concrete deck slab in the longitudinal 
direction not only at the top of the concrete deck 
slab but also at its bottom. Furthermore, the trans
verse stresses in the deck slab, which result from 
thermal variations, can be quite large and are likely 
to cause severe longitudinal cracking of the concrete 
deck unless adequately reinforced. 

SUMMARY AND CONCLUSIONS 

A simple method of analysis is presented for esti
mating the thermal stresses in composite concrete 
deck slab-on-steel beam bridges; the method can be 
applied to both simple spans and continuous spans. 
The results are based on a realistic temperature 
distribution through the depth of the bridge section 
and on accepted maximum and minimum temperature dif
ferentials for summer and winter. From the results 
given it can be concluded that 

• The magnitude of the longitudinal thermal 
stresses in composite bridges can be significant 
compared with stresses due to dead and live loads. 

• The thermal stresses induced in the concrete 
deck slab in the transverse direction can exceed the 
tension capacity of the concrete by several fold; 
therefore additional steel reinforcements are neces
sary in the transverse direction to guard against 
the formation of longitudinal cracks in the concrete 
deck. 
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APPENDIX 

The explicit expressions for the thermal coefficients 
k1, k2r k3r and k4 are as follows: 

k1 = [AC 2 /(AR-KB)] 

k2 = [KC 1 /(AR - KB)] 

k3 =(C 1 /A) 
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where 

C2 =-(I + v)ac wl5E5Ec a2, 

A= (1/E,AJ + (di/l,E,) + [2 (I - v2)/waEcJ, 
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K = 2wd
1 3 3 Ee - 3 (I -v2

) al,E,, Jnd 

R = 2wa 3 Ee+ 3 (I - v2
) I,E,. 

Publication of this paper sponsored by Committee on 
General Structures. 

Multi-Increment Cost-Allocation 

Methodology for Bridges 

AH-BENG TEE, KUMARES C. SINHA, and EDWARD C. TING 

ABSTRACT 

In this paper is presented an overview of a bridge cost-allocation procedure that 
uses data from bridges built in the state of Indiana between 1980 and 1983, The 
framework of the present analysis was based on the incremental concept with modi
fication at various steps in the allocation process such that a larger number of 
cost increments were obtained. A technique is discussed for obtaining a large 
number of cost increments in order to render the economies-of-scale problem asso
ciated with the incremental methodology insignificant. The quantitative correla
tion between study vehicle classification and AASHTO vehicles was based on the 
relative effect of both axle loading and axle spacing of each vehicle on con
tinuous-span bridges. The cost responsibility of each vehicle class was determined 
first on the basis of its structural and geometric requirements and then on the 
relative frequency with which it uses the bridges. A discussion of the approach 
employed in the distribution of the bridge construction, bridge replacement, and 
bridge rehabilitation cost is presented. 

There are several methods of allocating bridge costs 
in the literature. However, the most commonly used 
and widely accepted methodology for structural cost
allocation analysis is classical incremental analysis 
<!-i>· Although the concept of classical incremental 
analysis for bridge cost allocation is well docu
mented, the approach for developing the various 
bridge cost functions in the allocation process 
varies among studies. The bridge cost-allocation 
process discussed in this paper is also based on the 
classical incremental framework but with modification 
at various steps. Presented herein is a multi-incre
ment cost-allocation process based on data from 
bridges built in Indiana between 1980 and 1983. 

VEHICULAR CLASSIFICATION AND DESIGN LOADING 

Vehicles that use the Indiana highway system were 
categorized into 14 basic classifications (Table 1) • 

School of Civil Engineering, Purdue University, La
fayette, Ind. 47907. 

Each class was further divided into various weight 
groups. For the purpose of incremental analysis, with 
the exception of the live loads, all loads and forces 
were handled in the same manner as the original 
bridge. The live loads that represented the weight 
of the moving traffic were modified to reflect a 
range of different types of vehicles. According to 
AASHTO bridge specifications (l), traffic-relatea 
loadings can be represented by standard trucks or by 
equivalent lane loads. The trucks specified are 
designated with an H prefix followed by a number in
dicating the total weight of the trucks in tons for 
the two-axle trucks or with an HS prefix followed by 
a number indicating the weight of the tractor in tons 
for the tractor-trailer combinations. The AASHTO 
bridge specification provides only five classes of 
design loading, namely, HS 20, HS 15, H 20, H 15, 
and H 10. Other loadings required for the present 
analysis can be obtained by proportionally changing 
the weight~ of the designated trucks (ll· The modi
fied AASHTO live loadings and the corresponding lane 
loadings used in the present study are shown in Fig
ure 1. The cost functions of each bridge element were 
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TABLE 1 Adopted Vehicle Classification (9) 

Class Description 

1 Small passenger automobiles 
2 Standard and compact passenger automobiles 

and panel and pickup trucks 
3 Buses 
4 Two-axle trucks (2 S and 2 D) 
5 Automobiles with one-axle trailers 
6 Three-axle single-unit trucks 
7 2 S 1 tractor-trailers 
8 Automobiles with two-axle trailers 
9 Four-axle single-unit trucks 

I 0 3 SI tractor-trailers 
1 I 2 S 2 tractor-trailers 
12 3 S2 tractor-trailers 
13 Other five-axle vehicles 
14 Six or more axles 

then computed on the basis of the previously men
tioned set of design loadings. 

CORRELATION BETWEEN AASHTO VEHICLES AND 
STUDY VEHICLES 

It is to be noted that the design trucks are differ
ent from the trucks seen operating on the highways. 

TRUCK LOAD 

HS30 

~~ 
v 

~ 
14' 

~i 
HS~ v 

~ 
l'i ' ~i 

HS15 

~6 
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~ 
l4' ~i 

HSl~ v 

~ 
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~i 
"''~ v 

~ 
14' 

~i 
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~i 
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Hl~ 14' 

~ 
HS 
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H3 
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They are trucks with configurations that would simu
late the most severe live loads on a structure. 
Therefore the correlation between the design vehicles 
and the study vehicle classes should be viewed as a 
critical task in any structural cost-allocation 
study. Without a proper procedure for matching the 
design vehicles with the study vehicle classes, any 
attempt to improve computational precision would be 
limited because the accuracy of the cost functions 
in terms of design vehicles would not be maintained 
when converted into the study vehicle classes. Many 
studies (1-4,6) used gross vehicle weight to estab
lish the -relationship between AASHTO vehicles and 
study vehicles. The use of gross vehicle weight 
neglects axle load distribution and axle spacing. 

Maryland (8,5) used a more rational method in es
tablishing this correlation because it incorporated 
both axle loading and axle spacing in its analysis. 
However, the vehicles were analyzed on simply sup
ported single-span bridges of varying span length 
rather than on continuous-span bridges. The results 
obtained by using simply supported simple spans would 
involve approximations when extended to continuous
span bridges. 

Because most bridges have continuous spans, the 
quantitative correlations between study vehicles and 
AASHTO design vehicles were based on continuous-span 

LANE LOAD 
For Moment For Shear 

~ 27.0k 39.0k 

I 
.96 k/ I 

18.0k 26.0k 
I 
.64 k/' 

13. Sk 19.Sk 
I 
.48 k/' 

9.0k 13.0k 
I I I I I I .32 k/' 

4.Sk 6.Sk 
I 
.16 k/' 

18.0k 26.0k 
I I I I I 

.64 k/ ' 

13.Sk 19.Sk 

I I I I I I 
.48 k/' 

9.0k 13.0k 
I 
,32 k/' 

,4. ik 6.Sk 
I I 

.16 k/' 

2. 7k 3.9k 
I I 

.10 k/' 

FIGURE 1 Modified AASHTO live loading configurations for bridge 
incremental designs. 



Tee et al. 

bridges of varying span lengths. Figure 2 shows a 
flow chart of such an analysis. This approach re
quired knowledge of the axle loads and the axle 
spacings of each vehicle weight group. It is to be 
noted that each vehicle within each subweight group 
may have different axle loading and axle spacing be
cause vehicles were grouped according to their high-

no 

H 

COMPARE H 
MOMENT TO 
VEH . MOMENT 

no 

START 

READ INPUT DATA 

PRINT INPUT DATA 

ANALYZE BRIDGE 

ANALYZE VEHICLE 

COMPUTE MOMENT AT 
CRITICAL POINTS 

COMPARE MOMENTS 
SAVE LARGEST 

yes 

no 

DECIDE H DR HS 
VEHICLE 

,__ ___ HS 

COMPUTE EQUIV. H 
OR HS VALUE 

STOP 

COMPARE HS 
MOMENT TO 
VEH. MOMENT 

PRINT EQUIV. OR HS VALUE 

FIGURE 2 Flow diagram for AASHTO loadings and study 
vehicle classes correlation analysis. 
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way use and damage criteria. Therefore, an average 
value for both the axle loading and the axle spacing 
of all vehicles in each weight group was used. 

Table 2 gives the equivalent AASHTO designation 
of each study vehicle weight group. Table 3 gives 
the correspondence of each vehicle weight group with 
the equivalent AASHTO designation in the correlation 
matrix. 

The correlation between the H and HS trucks was 
obtained by equating the maximum moments produced on 
the critical points of bridges. A linear regression 
analysis was then performed on the results. The re
Qression equation found was HS = 0.68 H with r 2 = 
0.89. 

BRIDGE TYPES 

The most recent bridge projects were used in the 
analysis because they represent modern construction 
trends and techniques. Bridges in Indiana built 
within the base period (1980 through 1983) were 
categorized as follows: 

1. Reinforced concrete slab, 
2. Pres tressed concrete I-beam, 
3. Prestressed concrete box-beam, 
4 . Steel beam, and 
5. Steel girder. 

Bridges within each category usually have rather 
similar properties and characteristics. Hence, a 
representative bridge was selected from each of the 
five categories. Incremental analyses were performed 
on each representative bridge using the selected set 
of design loadings described earlier. 

HIGHWAY CLASSIFICATION 

In general, the characteristics of a highway are re
flected by the bridges constructed on that highway. 
Bridges on principal arterials have higher design 
standards than do those on county roads. The follow
ing highway classification was used (~): 

1. Interstate urban, 
2 . Interstate rural, 
3. State primary, 
4. State secondary, 
5. County road, ano 
6. City street. 

BRIDGE COST COMPONENTS 

Bridge costs were divided into the following compo
nents: 

1. Superstructure 
2. Substructure 

a. Abutment and pier 
b. Piling 
c. Excavation and backfill 

3. Railing 
4. Drainage system 
5. Miscellaneous items 

Incremental cost analyses, based on the geometric 
and structural requirements of the design vehicles, 
were performed separately on each of the cost compo
nents. 

COST FUNCTIONS 

The design drawings, plans, and bid information were 
obtained from the Indiana Department of Highways. 
All of the selected bridges were designed for HS 20 
loading. By replacing the HS 20 loading with other 



34 Transportation Research Record 1072 

TABLE 2 Study Vehicle Classification and Equivalent AASHTO Designation 

Vehicle 
Type3 

J 
2 
3 
4 
4 
4 
4 
4 
5 
6 
6 
6 
6 
6 
6 
7 
7 
7 
7 
8 
9 
9 

10 
II 
11 
11 
]] 

11 
11 
11 
12 
12 
12 
12 
12 
12 
12 
12 
11 
12 
12 
12 
13 
13 
14 
14 
14 

Gross 
Weight 
(kips) 

4,0 
6.0 
30.0 
5-10.0 
10-15.0 
15-20. 0 
20-25.0 
25-30.0 
9.0 
10-15.0 
15-20. 0 
20-25. 0 
25-30.0 
30-35.0 
35-40.0 
0.20.0 
20-25.0 
25-30. 0 
30-35 .0 
10.00 
0.30.0 
30-60 
0-40.0 
20-25.0 
25-30. 0 
30-35. 0 
35-40.0 
40.45.0 
45-50. 0 
50-55.0 
20-25 . 0 
25-30. 0 
30-35_0 
35-40. 0 
40-45.0 
45-50.0 
50-55.0 
55-60.0 
60-65.0 
65-70.0 
70. 75.0 
75-80.0 
0-40.0 
40.70.0 
0-40.0 
40-60.0 
60.80 

Design Axle Loadb (kips) 

A 

2.0 
3,0 

12 .0 
4 .5 
6.5 
7. 7 

10.2 
12.0 
4,0 
5.0 
8 ,0 

10. 0 
12.0 
13 .0 
J5 .0 
7,0 
9.0 
9, 0 

10.0 

6.0 
16.0 
13.0 

7,0 
8 ,0 
9. 0 

10.0 
10,0 
JO,O 
11.0 
7.0 
8.0 
9.0 

10.0 
11.0 
12.0 
11.0 
10.0 
10.0 
10.0 
l l.0 
12.0 
5.0 

10.0 
8.0 
9.0 
9.0 

B 

2.0 
3,0 

18,0 
5.5 
8 ,5 

12. 3 
14.8 
18 .0 
4,0 
6 .0 
6,0 
7. 0 
8.0 

10.0 
12.0 
8, 0 

10.0 
11 , 0 
13 .0 
4.0 
6.0 

16.0 
9,0 
8.0 

10,0 
l l.O 
14.0 
15 ,0 
16,0 
18.0 
6.0 
7 0 
8 .0 
9.0 

10.0 
11.0 
12 ,0 
13 .0 
14,0 
16.0 
17 ,0 
18 .0 
7 ,0 

18 ,0 
7.0 

12 .0 
16 .0 

c 

1.0 
4.0 
6.0 
8.0 

10.0 
12.0 
13 .0 
5.0 
6.0 

10.0 
12.0 

•A > , V 

18.0 
28 .0 

9.0 
5.0 
6.0 
7.0 
8.0 

10.0 
12.0 
13.0 
6.0 
7,0 
8.0 
9.0 

10.0 
l l.O 
12,0 
13.0 
14.0 
16.0 
17.0 
18.0 
12.0 
16.0 
7.0 

12.0 
16.0 

3 Refer to Table J for description of vehicle types~ 

D 

' A LV 

9.0 
5.0 
6,0 
8.0 
8.0 

10.0 
12.0 
13.0 
3.0 
4.0 
5.0 
6.0 
7.0 
8.0 

10.0 
12.0 
13 .0 
14.0 
15 ,0 
16.0 
8.0 

13.0 
8 ,0 

13.0 
17.0 

E 

3. 0 
4_0 
5. 0 
6. 0 
7.0 
8.0 

JO.O 
12.0 
13.0 
14.0 
15.0 
16.0 
8.0 

13 .0 
5. 0 
7.0 

11.0 

F 

5,0 
7,0 

ll.O 

Axle Spacing' (ft) 

AB 

7.2 
10.05 
31.65 
11.0 
13 0 
14. 0 
15. 0 
17.0 

BC 

11.5 8.6 
14.0 4.0 
14.0 4.0 
14.0 4.0 
14.0 4.0 
14.0 4. 0 
14.0 4. 0 
10.0 16.0 
10.0 17.0 
10.0 18.0 
10,0 21.0 
1 l.5 
4.0 
4.0 

17.30 
10.0 
10.0 
10.0 
10.0 
10.0 
10.0 
10,0 
10.0 
10.0 
10.0 
10.0 
10. 0 
10.0 
10.0 
10.0 
10.0 
10.0 
10.0 
10.0 
9.0 
9.0 

10.0 
10.0 
10.0 

o rn o,uv 

40.0 
40.0 

4.0 
22.0 
22.0 
22.0 
22.0 
22.0 
22 .0 
22,0 

4.0 
4.0 
4.0 
4. 0 
4.0 
4.0 
4.0 
4,0 
4.0 
4,0 
4.0 
4.0 

18. 0 
18.0 
4.0 
4.0 
4.0 

CD 

5 80 

2 1.00 
4.0 
4.0 
4.0 
4.0 
4.0 
4.0 
4.0 

25.0 
25.0 
25.0 
25 .0 
25.0 
25. 0 
25 . 0 
25 . 0 
25 ,0 
25.0 
25 . 0 
25.0 
5.0 
5.0 

2 1.0 
21.0 
21.0 

DE 

4.0 
4.0 
4.0 
4_0 
4.0 
4.0 
4.0 
4. 0 
4.0 
4.0 
4, 0 
4.0 

l l.O 
11.0 
5.0 
5.0 
5.0 

EF 

11.0 
11.0 
11.0 

Equivalent 
AASHTO 
Vehicle 

H 2.9 
H 4.0 
H 17.0 
H 8.9 
H 9.41 
H 12.95 
H 15.29 
H 17.67 
HS 3.0 
HS 6.0 
HS 7.0 
HS 8.0 
HS 10.0 
HS 11.0 
HS 13.0 
HS 6.0 
HS 7.0 
HS 8.0 
HS 9.0 
HS 3.50 
HS 13.0 
HS 23.0 
HS 10.0 
HS 7.0 
HS 8.0 
HS 9.0 
HS 10.0 
HS 11.0 
HS 12.0 
HS 14.0 
HS 7.0 
HS 8.0 
HS 9.0 
HS 10.0 
HS J l.O 
HS 12.0 
HS 13.0 
HS 14.0 
HS 15 .0 
HS 17 .0 
HS 18.0 
HS 19 ,0 
IIS 11.0 
HS 17.0 
HS 11.0 
HS 19.0 
HS 24.0 

bA =first axle, B =second axle, C =third axle, D =fourth axle, E = fifth axle, and F =sixth axle . 
CAB, BC, CD, DE, ;..ind EF =distance in feet between adjacent axles. 

AASHTO design loadings, bridges of different struc
tural and geometric characteristics were obtained. 
For the selected bridges, the original specifica
tions, configurations, and materials that were inde
pendent of vehicular loadings were retained where 
appropriate. In areas in which AASHTO specifications 
governed, those specifications were used in place of 
the original specifications. 

The three lowest bids submitted by contractors 
were chosen and their itemized unit costs were aver
aged. The total cost of each bridge cost component 
was obtained using these itemized unit costs. For 
each type of bridge and cost component, a cost func
tion of the form shown in Figure 3 was obtained. 
Next, by dividing the total cost by the deck area, 
the unit cost per square foot was obtained. Table 4 
gives the unit cost per square foot of superstructure 
by design loading and by bridge type. 

It is to be noted that the distribution of each 
type of bridge is important. For example, there were 
30 slab bridges and 50 prestressed box-beam bridges 
of various dimensions built within the base period. 
To account for this, the total deck area of all 
bridges of each bridge type built within the base 
period (1980 through 1983) was determined and grouped 
according to highway class. A summary of total deck 

area by highway classification and by bridge type is 
given in Table 5. The cost factors for different 
AASHTO loadings and by bridge type were then obtained 
using Equation 1: 

fr1n\ (<;;'\ 1 Ir 1n -, 

CF(k) t~: }l' U(i, k)A(i,j~/ L'f U(i, 20)A(i,j~ • 100% (I) 

where 

i 
j 
k 

A(ij) 

U(ik) 

type of bridge, 
type of highway class, 
[set of design loadings], 
total deck area for the ith type of bridge 
and jth highway class, and 
unit cost for the ith bridge type and kth 
loading. 

It is important to note that the interest here is 
in obtaining cost factors by highway type not by 
bridge type. The cost factors by highway type should 
account for the distribution of each bridge type. 
For instance, certain types of bridges may not be 
found or may be less predominant on particular types 
of highway. The cost factors by highway type were 
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TABLE 3 Correlation Matrix of Study Vehicular Classification and Equivalent AASHTO Designation 

AASHTO 
Classification 

HS H 

l 1.5 
2 2,9 
3 4.4 
4 5,9 
5 7.4 
6 8.8 
7 10.3 
8 11.8 
9 13.2 

JO 14.7 
l l 16.2 
12 17.7 
13 19. l 
14 20.6 
15 22. l 
16 23.5 
17 25 0 
18 26.5 
19 27.9 
20 29.4 
21 30.9 
22 32.3 
23 33,8 
24 35.3 
25 36.8 
26 38.2 
27 39. 7 
28 4 l.2 
29 42.6 
30 44.1 

Gross Vehicle Weight (kips) of Vehicle Type• 

2 4 6 9 10 11 

• 
5-10 

l0-15 10.15 ().20 
15-20 20-25 20-25 

15-20 20-25 25-30 25-30 
30-35 30-35 

20-25 25-30 35-40 
30-35 40-45 

25-30 45-50 
35-40 0-30 

50-55 

30-60 

Note: HS= combination tru cks, H = single unil trucks, and* = vehicle class without weight subdivision. 
8

Refer to Table 1 for description or vehicles. 

BRIDGE COST ALLOCATORS 

12 13 14 

20-25 
25-30 
30-35 
35-40 
40-45 0-40 0-40 
45-50 
50-55 
55-60 
60-65 

65-70 40-70 
70-75 
75-80 40-60 

60-80 
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obtained by adding the cost factors of each bridge 
type found on each particular type of highway. For 
the purpose of illustration, Table 6 gives the bridge 
cost factors obtained for state secondary highways. 
A statistical regression analysis was performed on 
these results and plotted as shown in Figure 4. 

In the present study, the basic structure is the fa
cility constructed to support the smallest design 
vehicle. The cost of providing the basic facility 
should be allocated to all vehicle classes, irre-
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105.0 

90.00 

~ 
f- 75.00 Cll 
0 
(..) 

-' < 
f-

60.00 0 (V 
f- , ... , 
0 , 
f-z 

45.00 UJ 
(..) 
rt: 
UJ 
0.. 

30.00 

15.00 

0.000 

r 

5.00 

RC SLAB BRIDOE 

I 0.00 

LEGEND: 

REGRESSION LINE 

~ OB·SERVED 0.6.TA POINTS 

90'!fo CONFIDENCE SAllO 

r 2 -0.94 

15.00 20.00 25.00 30.00 

AASHTO DESIGN LOADING 

FIG URE 3 Slab bridge superstructure cost function. 



TABLE 4 Bridge Superstructure Unit Costs 

Unit Cost ($/ft 2 ) 

Bridge Type H3 HS H 10 H 15 H 20 HS 5 HS 10 HS 15 HS 20 HS 30 

Slab 12.19 14. 27 17. 44 18.73 19.92 16.41 18.61 19.90 21.17 23.03 
Box-beam 16.03 17.07 18.25 19.45 20.48 17.87 J 9.30 20.63 22.31 25.02 
I-Beam 14.78 15.53 16.63 17.71 18.62 16.19 17.59 18.75 19.94 22.10 
Steel beam 15.7 l 17.36 20.19 22. 91 26.31 19.37 23. l 6 26.48 29.8 J 3~. 73 
Steel girder 18.07 19.97 23.22 26.34 30.26 22.85 26.64 30.45 34.29 37.64 

TABLE 5 Bridge Deck Area (ft2 ) Constructed in 1980-1983 by Bridge Type and Highway 
Classification 

Highway Classification 

Bridge Type Interstate Urban Interstate Rural State Primary State Secondary Local Road 

Slab 97,723.60 97,795 ,40 10,967.50 
Box-beam 18,566.50 4,146.90 
I-beam 14,464.80 188,87 l.30 126,291.80 2,412.00 
Steel beam 17,606.30 29,702.4 133,766.20 72,970.90 
Steel girrler 171,835.50 91,637.50 

Note: "'=No bridge of this type constructed within the base period. 

TABLE 6 Cost Factors for State Secondary Bridge 

Cost by AASHTO Loading fypc IS) 

BriLigl' Type II J II 5 llS 5 II 10 llS 10 H 15 11 20 llS 15 

Prestrl'ssl'J 1-he<Jm I, 192, 125 1,395,540 1.604,822 1.705,551 1,819,972 1,831,708 1,946,128 1.'l48,084 
Retnron:l'd concrete sl:::th 66,474 70, 788 74 I 05 7 5,680 80. 035 80.65 7 84,928 85.)50 
Prest rL'sse<l box-bearn 1.866.5()2 1.96Ull 2. 044. 664 2.100 .232 2.221.473 2.236.628 2,35 1,55 J 2.367 .971 
Continuous sln•I bl'alll I, I t.16,372 l,266 ,774 l,449,932 1.473,282 1,671,763 I ,690,006 1.919,864 I . t)J2 .26(} 
Continuous slL'l'I girLll'! Lu~5-.§£'l LlilQJJQQ ~_2l,2l~ ~;7-.§;2_ ~4l12ll ~1L~~l ~]1JljQ ~ ?~9_.}h I 

rota I 5, 927 ,452 6,5 24,413 7,267,4J9 7,482,567 8, 206, 97 4 8,280.222 9,075,423 9.124.231 

Pcrcl'nlage o! total cost 59 65 73 74 82 SJ 'II 'II 
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FIGURE 4 Regression equation for state secondary bridges. 
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TABLE 7 Percentage Distribution of Bridge Rehabilitation 
Cost by Cost It em and by Highway Class, 1980- 198 3 

Interstate 
(rural and Slate State Local 
urban) Primary Secondary Road 

Superstructure 28.5 29.5 26.2 27.00 
Substructure 

Piers and abutments 7 2.6 6.0 5.74 
Piling 0.01 0.6 0. 13 1.37 
Excavation and backfill 9.88 19.6 18.6 18.5 i 

Drainage 0.01 0.10 0.007 0.12 
Railing 5, 7 3.2 6.50 6.08 
Miscellaneous ....i~ ~ _42.50 ~ 
Total 100 100 100 100 

spective of their size and weight features. The ad
ditional cost of providing the additional facility 
above the basic structure to acconunodate heavier 
vehicles was assigned to the heavier vehicles. 
Vehicle miles of travel (VMT), which indirectly mea
sures the frequency of the vehicle in a traffic 
stream, was used as the cost allocator for the basic 
structural costs and additional facility costs. 

TYPES OF BRIDGE PROJECTS 

Bridge projects were categorized into bridge con
struction, bridge replacement, and bridge rehabili
tation. Bridges in each category were further divided 
according to highway type. Next, the itemized unit 
costs of each project within each project type and 
highway type were analyzed and grouped according to 
their cost components described earlier. As an il
lustration, Table 7 gives the percentage distribution 
of bridge rehabilitation cost by cost component and 
by highway class. The cost responsibilities of each 
vehicle class were then computed according to project 
type and highway classification for each cost compo
nent. 

%/$ 

f-

"' 0 
(J 

.... 
<( 
f-
0 
f-
u. 
0 
f-z 
w 
(J 
a: w 
0. 45- " 

5 10 
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MULTI-INCREMENT COST-ALLOCATION METHOD 

The inherent weakness of the incremental concept is 
the economies-of-scale problem. However, by increas
ing the number of loading increments, the unequal 
cost problem would be proportionately reduced. Un
fortunately, it was not economically feasible to use 
a large number of loading increments. For example, 
suppose that five types of bridges were selected. 
For each additional loading, there would be five ad
ditional hypothetical bridges that would require a 
large number of design computations. Therefore, an 
indirect approach to obtaining a large number of de
sign computations was developed. 

Initially, bridges were analyzed with a set of 
AASHTO design loadings to obtain the necessary cost 
function in the form shown in Figure s. It was found 
that seven AASHTO loadings would be sufficient to 
cover the entire range of study vehicles and would 
provide the necessary points to plot the cost func
tion accurately. 

The next step was to group all study vehicles that 
produce the same effect on a bridge together. This 
was done by grouping all vehicles with similar AASHTO 
designations together (Table 8). The important point 
here is that all vehicles in the same group basically 
require the same size bridge and the next higher 
group will require a slightly larger bridge. 

It should be noted that the accuracy of each point 
derived from careful analysis is more important than 
the number of points. Each cost function was of the 
form Y = a+B/IX, where a and b were constant and Y 
and X represented the cost and design increment, re
spectively. By substituting different values for x 
into the equation, the additional cost increments 
could be determined. The graphic way of obtaining 
the necessary cost increments was through interpola
tion, as shown in Figure 6. 

The last step of the analysis was the distribution 
of cost responsibilities to all of the study ve
hicles. For example, in Figure 6, Cost Increment A 

15 20 25 30 

AASHTO LOADING 

FIGURE 5 Example cost function obtained from the initial set of loading 
increments. 
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TABLE 8 Relationship Between AASHTO Design Loadings and 
Vehicle Class Weight Groups 

AASHTO Design Loading Weight Group 

[Vl:l, V2:1] 
[V3:1) 
[V4: 1, V8: 1) 
[V4:2, V6: 1, V7: J] 
[V4:3, V6:3, V7:3, VI 1:2, Vl2:2] 
[V7:4, Vll:3, Vl2:3] 
[V4:4, V6:4, VJO:l, Vll:4, Vl2:4] 

HS 2 
HS 3 
HS 4 
HS 6 
HS 8 
HS 9 
HS IO 
HS 11 
HS 12 
HS 13 
HS 14 
HS 15 
HS 17 
HS JS 
HS 19 
HS 20 
HS 22 
HS 24 

[V3:1, V6:3, Vll:5, Vl2:5, Vl3:1, VJ4:1) 
[V4:5, Vll:6, Vl2:6) 
[V6:6, V9: 1, Vl2:7) 
[Vl 1:7, Vl2:8] 
[Vl2:9] 
[V 12: 10, Vl3:2] 
[Vl2: 11) 
[Vl2: 12) 
[Vl2: 13, Vl4:2) 
[V9:2) 
[Vl4:3) 

Note: V =study vehicle designation, number before colon= study vehicle class, and 
number following colon= position of the study vehicle weight group given in Table 3, 
HS= AASHTO vehicle designation, and number following HS= AASHTO vehicle 
index. 

was distributed to all vehicles and Cost Increment B 
was distributed to all vehicles in increments B 
through R according to their VMT-values. Table 9 
gives the data for an example problem, and Table 10 

gives the application of the incremental analysis to 
the example problem. it is to be noted that, for il
lustrative purposes, only four arbitrary AASHTO 
loadings were used. This process is repeated for each 
project type, for each highway type, and for each 
bridge cost component. 

DISCUSSION OF FINDINGS 

In Table 11 are given the cost responsibilities of 
the four generalized vehicle classes determined in 
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the present study. These results are compared with 
those of the FHWA study <lQ). It is to be noted that 
the definition of the four generalized vehicle 
classes was not the same in the two studies. Conse
quently, the results could not be precisely compared. 
However, it could be concluded that passenger 
vehicles as a group were responsible for more than 
68 percent of the total cost. Such a high figure for 
passenger vehicles was due to their higher frequency 
of using the facility (VMT), even though structurally 
they were responsible for a smaller percentage of 
the total cost. 

SUMMARY AND CONCLUSIONS 

As noted earlier, an accurate correlation between 
design vehicles and study vehicles is important in a 
structural cost-allocation study. The present study 
obtained such correlation based on the relative ef
fect of both the axle loading and the axle spacing 
of each vehicle on a series of continuous-s~an 

bridges. Continuous-span bridges were used because 
most bridges are of this nature. 

It is proposed here that the cost of new con
struction, replacement, and rehabilitation of bridges 
be distributed on the basis of the relative costs 
associated with providing 
each class of vehicle. 

the necessary services to 
This is accomplished by 

TABLE 9 Cost Allocation Problem Data 

Cost Increment Cost Allocator 
AASHTO Loading ($xl05 ) (VMT x 107 ) 

HS I 55 45 
HS 2 JU 2U 
HS 3 15 25 
HS 4 _1.Q_ _JQ_ 

100 100 

-

-./"' R He - 0 - 0 p 
II vehicle 

M 

In Thl1 

R1n11• 

1 J 15 17 19 22 24 J 0 

AASHTO LOADING 

FIGURE 6 Final set of cost increments derived from superimposition of 
Figure 5 and Table 8. 
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TABLE IO Application of Incremental Cost Analysis 

AASHTO Design Vehicle 

HS I HS 2 

First increment 55 · (45/100) = 24.75 
Sec.:ond increment 

55. (20/100) = 11.0 
IO· (20/55) = 3.64 

Third increment 
Fourth increment 

Cost responsibility 24.75 

TABLE 11 Comparison of Bridge Cost Responsibility 
Factors (%) of Indiana Study (9) and FHW A Study ( 10) 

FHWA Study ( 1985)3 

Indiana Study ( 1983) 
lncremen tal 

Vehicle Recommended for All Stale 
Type Approachb Bridge Costs' Highways 

Passenger 
vehicles 65.02 69.12 68.58 

Buses 1. 21 0.94 0.28 
Single-unit 

trucks 7.67 6.69 6.27 
Combination 

trucks 27.32 24.19 24.87 

aFederal Highway Cost-Allocation Study (JU), pp. iv-52. 
bAssisns bridge rehabilitation cosls to all vehicles as common co.'\1s. 
CGroups reh1.1bililatfon costs with other structure costs. 
dstate higl1WD)'S +county roads+ cily streets. 

All 
Highwaysd 

73.18 
1.59 

8.28 

17.83 

14.64 

grouping the itemized unit costs attributable to each 
vehicle class according to bridge cost components. 

The chief drawback of the incremental cost meth
odology is the economies-of-scale problem. This 
problem is particularly pronounced when only a few 
cost increments are used. Because the number of 
design analyses required increases with the number 
of cost increments used, often the tendency is to 
minimize design analyses and, thereby, cost incre
ments, The proposed multi-increment analysis would 
reduce the economies-of-scale problem without re
quiring a large number of design computations. 

The cost responsibility of each vehicle class was 
based first on its structural and geometric require
ments and then on the frequency with which it uses 
the facility. Therefore, from the structural stand
point, passenger automobiles were responsible for 
only a small portion of the total bridge cost but, 
because of the high frequency with which they use 
the facility, they were responsible for a high per
centage of total bridge cost. 
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29.0 

HS 4 
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Test-to-Failure of a Jack-Arch Bridge 
DAVID B. BEAL 

ABSTRACT 

A 76-year-old jack-arch bridge was tested to failure to obtain information on load 
capacity and the degree of composite action between the steel beams and concrete 
deck. This work was started because, despite the good condition of the majority 
of the 1,300 jack-arch bridges in New York, load-rating estimates indicated that 
they were inadequate to support modern highway traffic. The most likely explana
tion for the observed performance of these bridges is that they are resisting 
loads in ways not considered in design or load-rating calculations. Although these 
bridges have no mechanical shear-transfer devices to assure composite action, it 
was suspected that chemical bond and friction were sufficient to provide the ob
served enhancement in load capacity. The 39-ft-span test structure consisted of 
six 24-in.-deep I-beams spaced at 36 in. Instrumentation consisted of electrical 
resistance strain gauges on both flanges at midspan, end rotation measurement 
devices at the ends of two beams, and deflectometers at midspan. The bridge was 
loaded to produce a 6-ft region of constant moment at the center of the span. 
Loads were applied through hydraulic jacks reacting against grouted anchors be
neath the structure. It is concluded that full composite action may be assumed in 
load-rating estimates of jack-arch bridges. Although significant restraint of end 
rotation was also observed in both tests, a generalization of this restraint to 
other structures is not possible. 

BACKGROUND 

Jack-arch bridges are a small but important component 
of Ne\·1 York State's highway br iage population. More 
than 1,300 of these bridges, constructed between 1920 
and 1940, are currently in service on state and local 
highway systems. These normally short-span bridges 
were constructed with otcel beams enca15ed in con
crete. Curved sheets of corrugated metal, supported 
on the lower flanges of the beams, were used to form 
the concrete, producing the "arches." In some struc
tures the lower flange of the beam was also encased 
in concrete in a separate pour, but this detail is 
not inherent to the structural form. 

In many cases present load capacity of jack-arch 
bridges is estimated to be less than that required 
to support modern traffic. This deficiency is not 
unexpected because the design live load was only 20 
tons, in contrast to the 40-ton trucks that are now 
legal. In addition, frequent pavement overlays have 
increased the dead load to a level that leaves many 
structures with little apparent remaining capacity 
to resist traffic. The difficulty of determining 
condition of the concrete-encased steel member in
creases the conservatism of the load rating and thus 
contributes to low estimates of load capacity. 

Despite these apparently justified low load-ca
pacity estimates for jack-arch bridges, many are in 
good condition and are carrying modern highway loads 
without distress after many years of service. The 
most likely explanation for the observed performance 
of these bridges is that they are resisting loads in 
ways that were not anticipated during design and that 
are not now considered in load-rating calculations. 
l\t the time jack-arch bridges were being designed, 
for example, composite action (the steel and concrete 
participating together in resisting traffic loads 
and dead loads other than the concrete itself) was 

Engineering Research and Development Bureau, New York 
State Department of Transportation, Albany, N.Y. 
12232. 

not considered. In general, it was not until the 
1950s that composite behavior was included in bridge 
design calculations. Bridges do not behave com
positely just because the designer decides to include 
such behavior in calculations. In modern construc
tion, a mechanical connection is required between 
the concrete and steel before composite action can 
be assumed. Jack-arch br idgco, of cour::ie, have no 
mechanical connections and thus cannot be assumed to 
be composite without experimental justification. 

Despite the lack of shear connectors, ample evi
dence exists that composite action is achieved in 
many structures. In a test of a truss-bridge floor 
system <ll the magnitude of the measured strains re
sulting from application of the test load could be 
explained only by assuming composite behavior. Unin
tentional mechanical and chemical bond between the 
materials provides resistance to slip and permits 
development of partial composite action at service 
loads. 

It was recognized that, if composite action is 
actually achieved in jack-arch bridges, the increase 
in calculated load capacity would be sufficient, in 
the majority of cases, to remove all load restric
tions. The purpose of the work described in this 
paper was to determine experimentally the magnitude 
of composite action, if any, achieved in jack-arch 
bridges under service loads and under loading to 
failure. 

In an earlier test <±l of a 47-ft-span bridge at 
Indian Lake, New York, it was concluded, based on 
measurements of steel strain, deflection, and end 
rotation, that the full composite section was active 
in resisting live load. Nevertheless, because that 
structure was in good condition with no visible de
terioration of the concrete, generalization of this 
result to all jack-arch bridges could not be sup
ported. 

TEST STRUCTURE 

The test structure reported here was a 
bridge constructed before 1915 to carry 

jack-arch 
east-west 
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24' 

~ 58-3/4" ·I 1• 36" ~ 
(typ.) 

Test Beam(!) Q) G) @ 0) @ 

NOTE : See Figs. 2 and 7 for additional dimens i ons 

FIG URE l Cross section of the test bridge. 

traffic on State Route 217 over North Creek in the 
town of Mellenville in Columbia County, New York. 
The bridge's cross section (Figure 1) consisted of 
nine 24-in.-deep beams spaced at 36 in. except in 
the north exterior bay, which was 58 3/4 in. The span 
center-to-center of supports, which are normal to 
the longitudinal axis of the bridge, was 39 ft. 

Condition of the bridge was poor at the time of 
testing. The general condition rating recommendation 
for the bridge, based on a May 1982 inspection, was 
3. A condition rating of 3 indicates serious deteri
oration on New York State's scale, which runs from 1 
("potentially hazardous") to 7 ("new condition"). 

The lower flanges of the steel beams, which had not 
been encased in concrete, showed section loss due to 
corrosion of up to 1/ 4 in. at midspan locations. An 
HS 20 inventory rating of 4 tons was calculated for 
the interior beams based on reduced section proper
ties and no composite action for the deteriorated 
encasement concrete. 

To provide a symmetrical section for testing, 
longitudinal saw cuts were made (Figure 1) to provide 
a six-beam cross section. Original contract plans 
were unavailable for the bridge and it was necessary 
to determine properties of the steel beams from mea
surement on the exposed lower flanges. These mea
surements are shown in Figure 2. Beams 2, 4, and 5 
showed only minor evidence of rust and were taken as 
representative of the nominal flange dimensions. 
These dimensions, the 24-in. section depth, and the 
pre-1915 construction date identified the section as 
a 24-in. I-section weighing 73.5 lb/ ft, manufactured 
by Bethlehem Steel (~,p.51). Nominal dimensions for 
this section are also shown in Figure 2. 

The deck was constructed in two pours. The first 
encased the beams and covered the top flanges by 3 
1/4 in. to give a structural deck with a mini.mum 
thickness of 5 1/4 in. at the crown of the arches 
between beams. A concrete wearing surface was placed 
over the structural deck, varying in thickness from 
8 in. at the center to 6 l / 2 in. along the curb 
lines. Cores taken from the deck always broke into 
two pieces at the cold joint between the two pours. 
Twelve cores were taken, but only six tests could be 
performed. Three of these six specimens, because of 
their short length, were sawed and tested as 4- by 
4-in. cubes. The other three, which ranged in height 
from 6.4 to 7.1 in. (5.65 in. in diameter), were 
t ested as cylinde r s . All comp ression test values we r e 
f a ctored to be r epr esentati ve of normal 6- by 12-in. 
cylinders. These tes ts yielded compress i ve s trengths 
of 6,610 psi (average of two) for the s tructural deck 
and 6,140 psi (ave r age of f our) for t he wea r i ng sur
face. The strengths obtained varied considerably, 
ranging from 4,670 to 7,470 psi, with both extreme 
values from the wearing surface. 

Tension test specimens were cut from the tension 
and compression flanges of each beam of the test 

24 I 73.5 

A A ~B 
L r'.---- ----..:__, _l 
r 1 t 9" t I~~ 

Beam A B c D 

1 0. 37 0 . 40 0.74 0. 53 
2 0.55 0.5 7 o. 73 0.78 
3 0 . 35 0. 32 0 . 51 0 . 52 
4 0. 53 0.5 2 0. 62 0. 66 
5 0.5 3 0.57 o. 77 0. 73 
6 0.4 2 0. 43 0. 71 o. 74 
Nominal 0.51 0. 51 0.74 0. 74 

FIGURE 2 Steel-be am cross section 
with dimensions. 

bridge cross section. Average yield stress of these 
12 specimens was 39.2 ksi, with a standard deviation 
of 3. 5 ksi. 

TEST PROCEDURE AND INSTRUMENTATION 

Response of the bridge to truckloads was determined 
before destructive testing was performed . Instrumen
tation for the live-load tests consisted of strain 
gauges bonded to the tension flanges at midspan of 
each steel girder. 

Instrumentation for the failure test was more 
elaborate consisting of strain, deflection, and 
beam-end-rotation measurements. Test loads were ap
plied by jacking against two load-distribution beams, 
each restrained by four soil anchors. Details of the 
instrumentation and loading system are given else
where (il. 
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FIGURE 3 Live-load positions. 

TEST DATA 

Liv~ Loads 

Measured tension flange strains in microinches per 
inch for the load positions shown in Figure 3 are 
g "iven in Table 1. These ve1lues ure averages of at 
least three replicates of the loading. The truck in 

TABLE l Tension Flange Strain for Live 
Loads 

Strnin (µin.fin . ) at Load Position 

Be<lm 4 5 

I 46 35 27 20 14 
2 47 45 33 28 20 
3 42 44 43 44 37 
4 36 43 43 44 48 
5 22 29 38 43 48 
6 19 _]J_ _.fl. -1§_ _fl 
To tal 212 223 221 225 230 

these tests produced a t heoreti cal simple-beam bend
ing moment at the instrumented sec t ion of 339.3 kip
ft, in contrast to the AASHTO HS 20 moment of 432.1 
kip-ft for this span. Because the measurements were 
made with the same test vehicle, total moment in the 
cross section is constant. The results show a trend 
toward increasing total strain as the load moves 
toward Beam 6. This trend may result from differences 
in individual beam section moduli or may be simply 
the result of random error. 

Failure Tests 

Average tension and compression flange strains for 
each beam and load increment are given in Table 2. 
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These are strains due to the test load only. Total 
strain is the sum of these values and dead-load 
strain. When yielding occurs, strains on opposite 
edges of a flange diverge, and averaging no longer 
provides a legitimate indication of true strain. It 
might be expected that this point could be predicted 
by simply subtracting entimuted dead-load strain from 
yield strain to give test-load strain at the com
mencement of yielding. Following this procedure, ex
pected test-load strain at first yield would be 1,060 
~in./in. (l,370 - 310). The existence of residual 
stresses, however, introduces a further complication 
into the analysis. Thus, bottom flange strain aver
ages are reported up to maximum test-load strains of 
from 320 to 960 psi . Averages were not taken, and no 
value was reported when the range of the two strains 
exceeded 10 percent of the average. Individual mea
sured strains for each gauge are given elsewhere (4). 

Midspan deflection for each beam is given in TablP. 
3. Deflection at high loads exceeded the range of 
the displacement measuring devices. A plot of de
flection versus load in Figure 4 indicates a bilinear 
relationship, with the break at a load of about 150 
kips. Deflection at failure could not be determined, 
but permanent set after the load was removed exceeded 
6 in. The transverse pattern of deflections was ir
regular (Figure 5), but this pattern was maintained 
throughout the range of applied loads. 

End rotations measured at the east and west ends 
of Beams 2 and 5 are shown in Table 4 and Figure 6. 
It should be noted that end rotations are quite small 
for loads less than 150 kips but increase rapidly 
from that point. Total relative displacement of the 
abutments with respect to the beams was about 1 in. 
at maximum load. For loads of less than 200 kips, 
readings indicate that the abutments had moved toward 
each other by less than 0.2 in. 

At maximum load, a failure plane in the slab at 
the interface of the structural deck and the wearing 
surface was evident. Although analysis of the test 
data (as described in the next section) indicates 
that these slab elements act compositely at low and 
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TABLE 2 Average Flange Strain 

Strain (µin.Jin.) at Beam 

Line Beam 3 4 s 6 
Load Load 

Run (kips) (kips) Top Bottom Top Bottom Top Bottom Top Bottom Top Bottom Top Bottom 

I 0 0.0 0 0 0 0 0 0 0 0 0 0 0 0 
2 JO 1.7 -J J5 -15 23 -4 22 -7 25 -7 23 -7 27 
3 39 6.5 -33 97 -59 J02 -35 J20 -4I I I 9 -44 I04 -47 118 
4 70 I J.7 -7 J 22I -94 22I -75 427 -86 297 -85 24J -93 275 
5 -2 -0.2 5 18 -3 9 4 2I6 I 46 2 45 I 5 J 
6 68 11.3 -78 260 -106 252 -84 490 -96 338 -95 293 -97 327 
7 104 J 7.3 -J20 446 -J47 399 -13J 933 -I44 521 -140 508 -J45 559 
8 I 3 2.2 -J2 39 -19 42 -I4 44 -20 48 -J8 4I -I5 4I 
9 26 4.3 -20 73 -32 74 -28 86 -35 97 -30 78 -26 83 

IO 39 6.5 -36 J IO -52 JJ2 -43 I22 -47 132 -4J 112 -40 I22 
JI 52 8.7 -5 I I 51 -69 156 -54 I75 -63 J85 -59 J60 -55 173 
I2 65 J0.8 -62 J93 -8 I J97 -66 218 -76 236 -72 202 -70 222 
13 78 13.0 -73 232 -94 234 -76 261 -86 280 -83 240 -80 268 
J4 91 15.2 -87 277 -109 276 -92 310 -109 336 -103 289 -J05 315 
J5 104 17.3 -JOI 3J8 -125 3J7 -J05 362 -J20 384 -114 328 -l I5 366 
J6 114 19.0 -J 18 NA -146 367 -J 23 NA -139 440 -I33 391 -J34 425 
J7 130 21.7 -I30 NA -I62 419 -139 NA -I52 504 -148 513 -J53 520 
18 J43 23.8 -J47 NA -185 488 -167 NA -J82 NA -176 727 -170 630 
J9 I53 25.5 -J68 NA -21 J 545 -20J NA -206 NA -198 96J ·-J96 722 
20 J63 27.2 -193 NA -230 NA -232 NA -242 NA -229 NA -227 NA 
21 179 29.8 -204 NA -236 NA -280 NA -274 NA -278 NA -292 NA 
22 195 32.5 -241 NA -274 NA -332 NA -332 NA -338 NA -364 NA 
23 202 33. 7 -268 NA -303 NA -378 NA -312 NA -371 NA -4J4 NA 
24 218 36.3 -309 NA -335 NA -428 NA -433 NA -445 NA -493 NA 
25 23J 38.5 -323 NA -370 NA -478 NA -480 NA -506 NA -568 NA 
26 244 40.7 -367 NA -422 NA -547 NA -562 NA ~609 NA -676 NA 
27 254 42.3 -391 NA -454 NA -596 NA -624 NA -689 NA -77 J NA 
28 267 44.5 -434 NA -520 NA -676 NA -764 NA -835 NA NA NA 
29 280 46.7 NA NA -633 NA -804 NA NA NA NA NA NA NA 
30 296 49.3 NA NA -795 NA -962 NA NA NA NA NA NA NA 
3J 299 49.8 NA NA NA NA NA NA NA NA NA NA NA NA 
32 299 49.8 NA NA NA NA NA NA NA NA NA NA NA NA 
33 20 3. 3 NA NA NA NA NA NA NA NA NA NA NA NA 

Note: Diverg,ence of two nange gauges unacceptably large; NA indicates no average taken . 

intermediate load levels, it would be incorrect to 
include the wearing course in calculation of ultimate 
capacity. 

DATA ANALYSIS 

The primary objective of this study was to obtain 
data useful in developing a load-rating procedure. 

TABLE 3 Defl ection 

Line Mids1Mn Deflection (in ) at Beam 
Load 
(kips) 3 

JO 
39 
70 

0 
68 

104 
13 
26 
39 
52 
65 
78 
9J 

104 
J 14 
130 
J43 
J 5 3 
163 
179 
195 
202 
118 
23J 
244 

0.0J 5 
0.098 
0.212 
0.002 
0.235 
0.367 
0.040 
0.070 
O.J JO 
0.160 
0.200 
0.240 
0.280 
0.330 
0.380 
0.450 
0.530 
0.6JO 
0.7 JO 
0,830 
0.960 
l.J JO 
1.280 
J.460 
J.670 

O.OJ8 
o. J06 
0.223 
0.007 
0.246 
0.384 
0.030 
0.070 
O.JOO 
O.J 50 
O.J 90 
0.230 
0.270 
0.3JO 
0.360 
0.420 
0.500 
0.570 
0.660 
0.780 
0.900 
l.030 
I. J 60 
J.280 
J.370 

O.OJ8 
0. 1 JO 
0.228 
0.013 
0.250 
0.392 
0.040 
0,080 
0.J JO 
),) 60 
0.2 JO 
0.250 
0.300 
0,340 
0.400 
0.460 
0.550 
0.630 
0.730 
0.880 
l.020 
l.170 
J.330 
1.5 JO 
J.690 

4 

0.0J6 
0.!07 
0.220 
O.OJ5 
0.242 
0.378 
0.040 
0.080 
O.J 20 
O.J50 
0.2 JO 
0.250 
0.300 
0.340 
0.400 
0.460 
0.540 
0.620 
0.720 
0,850 
0.980 
J.J20 
l.270 
1.400 
J.490 

O.OJ7 
O.J J5 
0.237 
0.007 
0.263 
0.409 
0.050 
0.090 
0.J 30 
O.J 80 
0.230 
0.280 
0.330 
0.380 
0.440 
0,500 
0.590 
0.670 
0.770 
0.910 
J.060 
J.2JO 
J.370 
1.530 
1.680 

6 

0.015 
0.062 
0.145 
0.033 
0.J86 
0.302 
0.020 
0.050 
0.100 
O.J 20 
O. J 40 
0.200 
0.220 
0.260 
0.320 
0.350 
0.420 
0.420 
0,540 
0.620 
0.730 
0.850 
0.960 
I. I 30 
I 370 

Two types of behavior--composi te action between the 
steel and concrete and moment restraint at the sup
ports--would result in an enhancement in strength 
estimates of jack-arch bridges. Refinements in the 
estimates of live-load distribution would also be 
beneficial. The data analysis has been directed to 
quantifying these forms of behavior. 

Effective Section 

The effective section resisting load can be deter
mined from the beam-flange strain data obtained dur
ing the failure test. The i nitial approach to defin
ing the effective section assumed full composite 
behavior and determined an effective modular ratio 
based on the cross section assumed and the measured 
tension and compression flange strains. This approach 
was abandoned when it became clear that, even with a 
5-in. deck thickness, comparisons of the analytical 
and experimental neutral axis locations were incon
sistent, regardless of the value assumed for the 
modular ratio. An approach was required that used 
the physical and geometric properties of the section 
tested . The process used conceptualizes the total 
be nd i ng moment carried as the sum of the momentJ 
resisted by the steel beam and slab individually, 
plus a couple formed by the equal and opposite in
ternal thrusts acting at the centroids of these ele-· 
ments. Figure 7 shows these forces and invariant slab 
dimensions. The arch radius changed 4.5 in. below 
the crown, and concrete below this level was ignored. 
In addition to assuming a value for the elastir: 
modulus of the concrete (n = 8), it is assumed that 
curvature of the beam and slab are equal and that 
the beam thrust calculated from the measured strains 
is resisted by an equal but opposite thrust in the 
slab as required for equilibrium. This latter as-
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FIGURE 4 Midspan deflections. 

sumption is equivalent to assuming that the relative TABLE 4 Encl Rotation 
measured displacements of the beams with respect to 
the abutments did not result in an induced axial beam Rotation (radians x 103

) 

force. In contrast to ordinary design practice, some Lin e Load 
tension (for this structure up to 500 psi) has been (kips) 2E 2W SE SW 

permitted in the concrete. The appropriate relation-
13 0 .000 -0.050 -0.0SO -0.050 ships are developed elsewhere <.1.l • From this analysis 26 o.oso -0.0SO -0.100 0.050 

an effective moment of inertia and the total resist- 39 0.2SO -0. 100 -0.050 0.250 
S2 0.500 -0.050 -0. 100 0.5SO 
65 0. 750 0.150 -0.050 0. 750 
78 1.000 o.soo -0.2SO 1.050 

0.0 Line 91 1.250 0.6SO -0.300 1.300 
104 1.600 0.900 0.650 1.550 

n n 
Load, 114 1.750 1.150 O.S50 1.9SO 0 0 kips 130 2.2SO 1.450 0.4SO 2.350 • • • • 143 2.5SO 1.800 0.250 2.950 

.~ -o.5 :-=-==- : : 26 
15 3 3.250 2. 100 1.500 3.350 

0 65 163 3.750 2.550 1.300 4.050 ; 179 4.450 3.500 1.050 4.850 0 • 104 195 5.450 4.050 2,500 5.750 ·~ 
u 

202 6.500 4.750 2.200 6.750 u 
"' 130 

"' .-< 218 7.700 5600 3.750 7.950 
"<; ... 153 231 9.050 6.550 4.650 9. 150 

"' 244 10.650 8.250 5 150 10.750 0 11q 
254 12.050 9.150 6.05 0 NA 

• 202 267 14.450 12.900 7.650 14.250 
-1. s v 218 280 18.950 16. 350 10.000 18.550 

6 296 24.050 21.900 13 .250 23 . 150 
Beam 299 30.450 26 .350 26.050 29.650 

FIGURE 5 Transverse deflection pattern. 
299 31.85 0 24,200 39.400 43.450 
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FIGURE 7 Effective section. 

ing moment at the measured strain level are obtained. 
This analysis is, of course, only valid for elastic 
strains. 

Data from the first two loadings (Runs 1 through 
7) gave erratic results that are not believed to be 
representative of true structural behavior and thus 
were excluded from the reported results: 

Beam Pro12erties 
Slab t Flange t Ieff 

~ .li!!..:..L (in.) (~ .la. 
1 11. 750 0.62 4,800 0 .54 5 
2 12.375 0.74 5,010 0.439 
3 13.375 0.50 4,800 0.466 
4 13.250 0.63 5,180 0.475 
5 13.250 0.74 5,510 0.477 
6 12.500 0. 71 5,350 0.540 

These values are based on data from the final 
loading of the bridge up to the load providing con
sistent strains on the edges of the tension flange 
(104 kips) • The effective inertia can be expressed as 

Ieff =ale+ (1 - a) Inc 

where the subscripts eff, c, and nc stand for effec
tive, composite, and noncomposite, respectively. 
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The results of this analysis can also be used to 
determine the degree of end restraint for this 
bridge. This is done by comparing static midspan 
bending moment with estimated bending moment from 
the strain analysis. This comparison is shown in 
Figure 8 in which it can be seen that the experimen
tal moments are linear with increasing load and are 
always less than the static values. Based on thi s 
result, the end moment is estimated to be 30 percent 
of the fixed-end value during the elastic portion of 
the failure test. 

Live Loads 

Tension flange strains measured during live-load 
testing were converted to bending moment using the 
effective section properties determined from the 
strain analysis just described. These experimental 
values were compared with the results from a planar
gr id analysis. For this analysis the bridge was as
sumed to be fixed ended despite the findings from 
the failure test. It is believed that end moment 
restraint was partly destroyed during the first in
crements of the failure loads. It should be noted 
that the midspan bending moment (assuming a simply 
supported beam) was only 339 kip-ft--a value exceeded 
between the first and second failure load increments. 
In addition, it has been previously noted that the 
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structure's behavior under the first increments of 
failure load was erratic, which indicated a change 
in behavior. 

Figure 9 shows experimental and analytical midspan 
bending moments for each load position. In general, 
the analytical values overestimate the experimental 
moments, and the differences are more prominent on 
the fascia beams. The total experimental moment for 
each load position (Figure 10), which theoretically 
should be constant, varies with load position. Al
though this variation is not large, it is systematic: 
the total moment increases as the lcaa position movcG 
across the width of the structure. 

Live-load distribution coefficients can be ob
tained by dividing the beam moments by total moment 
at the cross section for a particular load position. 
This structure was so narrow, however, that meaning
ful values could not be calculated because only one 
vehicle could be placed at a time. 

Failure Loads 

End rotation and centerline deflection data are 
shown in Figures 11 and 12, with calculated values 
based on the elastic properties determined from the 
strain results. Values are shown for a simple span 
and a span restrained with end moments equal to 30 
percent of the fixed-end values. For both deforma
tions the restrained solution compares well with the 
experimental values for lower loads, which supports 
the findings for effective inertia and end restraint 
from the strain analysis. Both deformations increase 
rapidly at a line load of about 150 kips, indicating 
the initiation of inelastic behavior. 

Elastic predictions of beam deflections do not 
compare well with measured values on an individual 
basis. Figure 13 shows this comparison for two levels 
of line load. In general, the analysis overestimates 
the measured values. Transverse variations in ex
perimental deflection are not reflected in the 
analytical results, which suggests that the observed 
variation is a consequence of loss of transverse 
rather than longitudinal stiffness. Data are insuf
ficient on the possible degradation of concrete 
properties with location in the structure to make a 
specific estimate of this effect. It should be noted 
that transverse variations are small with respect to 
average values. 

Deflection comparisons could be improved by 
creasing the beam stiffnesses, the amount of 
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restraint, or both, but s uch adjustments are not 
supported by the strain data. The analytical-to-ex
per imental bending moment comparisons (Figure 14) 
also show greater transverse variation in the ex
perimenta l results than are pred i cted analy tically , 
although these variations are not as pronounced as 
for deflection. Because the total experimental and 
analytical moments compare satisfactorily (Figure 8) 
it is clear that change s in the magnitude of end 
restraint are unwarranted, because this would have a 
direct effect on the moment comparisons. Refinements 
in section prope rties would have only a minor influ
e nce on the strain-to-moment conversion (increasing 
the iner t i a would result i n increased moment) but 
would tend to reduce t r ansverse variation in the 
analytical results. More important, increases i n 
s ection inertia c an only be achieved by decreasing 
the assumed value for the modula r ratio , a nd th e 
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FIGURE II Line load related to deflection. 
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value assumed (n = 0) is judged to be the smallest 
reasonable value for concrete in this condition. 
Overall comparison of deflection and end rotation 
data with the analytical estimates supports the 
validity of the data analysis procedures used for 
converting measured strain to bending moment and es
timating the effective moment of inertia. 

Postelastic behavior of this structure has not 
been investigated in detail because of the lack of 
full strain data. Delamination of the deck at the 
interface between the structural and wearing-surface 
concrete was visible at the maximum load. Because of 
this delamination the wearing surface should be ig
nored when estimating the failure load. It should be 
noted that the maximum load applied to this structure 
was twice the elastic limit load of 150 kips. 

APPLICATION TO LOAD RATING 

The procedures used in this study are theoretically 
correct and produce results that are consistent with 
observed behavior. Nevertheless, these techniques 
bear little resemblance to procedures used in con
ventional design or load-rating practice. It would 
be unrealistic to expect that a procedure requiring 
calculation of an effective partly composite section 
would be received with enthusiasm by engineers work
ing in a production environment. In addition, some 
er i ter ia would have to be established for maximum 
allowable concrete tension to permit determination 
of the effective section depth. 

A conventional analysis would compute a tension 
flange section modulus based on a fully composite 
s ection, with tension concrete ignored. For this 
structure the tension flange strains based on this 
section and the experimentally determined beam 
moments overestimate the measured strain by only 3 
percent. Despite this good comparison, it should be 
realized that stiffness of the composite section is 
at least 25 percent greater than the effective sec
tion determined from the measured strains. Neverthe
less, estimates of induced stress based on properties 
of the composite section produce reliable estimate s 
of the true values. This result was also found for 
the Indian Lake structure tested earlier (2) • 

The test results show that end restraint equiva
lent to 30 percent of the fixed-end amount was 
a ctive for loads of less than 150 kips (equivalent 
design load with impact= 2.7 HS 20 trucks). For the 
Indian Lake bridge it was found that full fixity was 
present for loads less than the service load. Thu s 

6 

estimates of structural capacity that ignore these 
effects will be conservative. Generalization of the 
degree of composite action or the magnitude of end 
fixity is not possible now, and it is not likely that 
a technically defensible generalization could ever 
be produced regardless of the number of bridge tests 
performed. 

Load ratings for the Mellenville bridge have been 
calculated for the H 15, the HS 20, and the three 
typical legal load types specified by AASHTO 
(2,p.50). Those ratings are based on the properties 
of Beam 3--the most deteriorated beam in the cross 
section. No end fixity was assumed in these computa
tions. Load-rating factors (load-factor method using 
properties of Beam 3) for each of these loadings were 
as follows: 

J{ating Factors 
Service-

Vehicl e I nventor:r: 0Eerating ab i lit;i 
H 15 1.55 2.58 3.83 
HS 20 0.92 1.53 2.27 
Type 3 1.26 2.11 3.12 
Type 3S2 1.26 2.11 3.12 
Type 3-3 1.45 2.42 3.58 

Multiplying the rating factor times the rating 
vehicle weight gives the structure's load capacity 
for the specific load type. Note that although the 
inventory rating factor for the HS 20 load is 
slightly less than unity, posting of the structure 
would probably not be necessary in view of the ample 
operating and serviceability ratings. 

CONCLUSIONS 

Based on the results of failure tests on two jack
arch bridges, the following conclusions can be drawn: 

1. Assuming full composite behavior results in 
conservative estimates of structural behavior. 

2. Significant end fixity exists under 
load. The effect of this moment restraint is 
duce the midspan bending moment estimated 
simply supported beam. 

service 
to re
for a 

3. It is not now possible to generalize the pre
diction of the degree of end fixity to other struc
tures. The source of end fixity for the test struc
ture has not been determined. 

4. The test structure remained elastic for loads 
producing bending moments equivalent to 2. 7 HS 2 0 
design vehicles (including impact). 
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5. A load rating based on the most deteriorated 
member in the cross section indicates that this 
structure could have been used safely without post
ing. 
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Stress State 1n Coupling Joints of 
Posttensioned Concrete Bridges 

FRIEDER SEIBLE, YURY KROPP, and CHRISTOPHER T. LATHAM 

ABSTRACT 

Posttensioned continuous concrete bridges have shown unexpected crack patterns in 
the vicinity of the theoretical inflection point. In particular, box-girder-type 
cross sections with coupled posttensioning tendons in construction joints at the 
points of inflection were found to exhibit an increase in the number and width of 
cracks in the bottom soffit and webs of the bridge superstructure in the coupling 
joint vicinity. Intensive investigations attribute these cracks to highly non
linear stress distributions with significant tensile stress content over the depth 
of the bridge structure due to nonuniform temperature gradients, concentrated 
anchorage forces, and increased prestress losses. It is shown that a major factor 
contributing to the tensile stress potential of the nonlinear stress distribution 
is a significantly reduced compressive stress state caused by the segmental con
struction and posttensioning sequence. The uniform state of prestress in a con
centrically posttensioned concrete member shows reductions of more than half of 
the initial prestress in the construction and coupling joint vicinity. Com
binations of this reduced compression stress field with prestress losses in the 
couplers or temperature gradients in the bridge deck show theoretical crack de
velopment and crack orientation similar to crack patterns encountered in coupling 
joint vicinities of posttensioned box-girder bridges. 

Large cracks and, in one case, even ruptured tendons 
found during routine bridge inspections in the Fed
eral Republic of Germany in the vicinity of coupling 
joints of posttensioned continuous bridge structures 
(l,~l have led to a series of investigations of the 
behavior of coupling joints. 

Coupling joints of posttensioning tendons are 
common in segmental bridge construction, particularly 
in construction methods developed and used frequently 
in Europe, such as incremental launching and span
by-span erection with traveling self-supporting 
falsework. It was this latter group of bridge struc
tures that showed crack concentrations in the coupl
ing joint vicinity. In the span-by-span construction 
method (Figure 1) construction joints with couplers 
for the tendons are generally placed close to the 
theoretical point of inflection for dead load plus 
prestressing to minimize reinforcement requirements 
in the construction joint. Investigations of crack 
development in this construction joint vicinity, 
summarized in Seible (ll, showed that initial crack 
development is caused by several factors such as 
highly nonlinear stress states due to concentrated 
anchorage forces, unaccounted differences in the 
actual dead load distribution, temperature gradients, 
and increased prestress losses in the tendon cou
plers. When the section has cracked, the reduction 
in stiffness, and with it higher cyclic stress 
levels, must be evaluated carefully because changes 
in tendon geometry due to the lower strength steel 
of the anchorage-coupler assembly are cause for 
stress concentrations and lower fatigue limits (1). 

An intensive bridge inspection program by the-West 
German Ministry of Transportation (3) of all bridges 
with coupling joints revealed the r~sults summarized 
in Table 1. Two kinds of bridge cross sections are 

Department of Applied Mechanics and Engineering Sci
ences, University of California, San Diego, La Jolla, 
Calif. 92093. 

generally used for bridge construction methods that 
involve coupling joints; namely, box-girders and T
beams with varying numbers of webs and bottom soffit 
arrangements. Table 1 gives the number of cracked 
bridge structures encountered, the crack width, and 
the cracked region for both types of cross section. 
It can be seen that box-girder sections were found 
to be more susceptible to cracks in the coupling 
joint vicinity than T-beam sections, with 30 and 45 
percent of the inspected bridge structures showing 
no cracks, respectively. Cracks wider than one one
hundredth of an inch (>0.2 mm) were more frequently 
encountered in box-girder sections and, in particu
lar, in the webs and bot torn slab. One example of the 
encountered crack pattern (~) is shown in Figure 2. 

The stress states that lead to these cracks, which 
are parallel and in close proximity to the coupling 
and construction joint, need to be investigated. It 
is the purpose of this paper to study in detail the 
inherent initial stress state of the coupling joint 
vicinity, due to the various construction and 
posttensioning stages, and subsequent combinations 
with possible stress states, due to prestress losses 
in the coupler or uniform temperature gradients. 
These stress states explain crack patterns en
countered in the coupling joint vicinity and provide 
the information necessary to properly design these 
regions. 

NONLINEAR STRESS STATES IN COUPLING JOINTS 

Nonlinear stress distributions over the depth of a 
prestressed concrete member can have various causes 
that range from local force concentrations in the 
anchorage zones (4,5) to variable temperature gra
dients (§_). A br~f summary of these stresses en
countered in the coupling joint region is given in 
this section. Used as an example is a thin-walled, 
concentrically prestressed concrete member (Figure 
3) erected and posttensioned segmentally. 
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SPAN BY SPAN ERECTION WITH TRAVELLING SELFSUPPORTING FALSEWORK 

(b) COMPLETED SECTION NEXT SECTION 

CONSTRUCTION AND 
COUPLING JOINT 

FIG URE 1 Coupling joint: (a) Possible geometry of bridge structure with coupling joints; 
(b) Coupling joint detail. 

r.oad Conditions Under Investiga tion 

Stress concentrations from tendon anchorages are 
fir s t present whe n the i n itial cons truction segment 
is posttens ioned and grollted before the formwork is 
adva nced for th e cons tr uction of the s ubs equent seg
ment. The stress state is equivalent to the classic 
case of the infinite half-strip with a concentrated 
load on the short side Ci). To show the accuracy of 
the chosen linear elastic plane stress model, the 
splitting stresses are compared with results from 
Iyengar (~) in Figure 4a normalized with respect to 
the uniform s t ate of prestress (fpo). 

'l'he def ormations of the analytical model, which 
takes advantage of the synunetry in load and geometry 
along the longitud i nal x-axis, are also shown qual
i tatively in Fi9ures 4a and 4b for the post tens ioning 

of the initial and subsequent segment, denoted a s 
Case 1 and Case 2, respectively. 

Additional load cases considered in this study 
are the time-dependent prying forces, denoted as Case 
3, that result from increased pres t ress losses in 
the tendon couplers as der ived in de tail e l sewhere 
(1) and a uniform moment in the plane of the con
crete member I denoted as Case 4, that could 
origina te, for example, from the l i near po rtion of a 
tempe r ature gr ad ient as di s cussed in Imbsen and 
Va nde rsha f (6) or f rom a shift i n the location of 
the theoretical point of inflection due to 
self-wei ght inaccuracies <l l or time- dependent mo
ment redistr i bu tions as d isc ussed elsewhe re (1). Al
though bo t h add 1 t ional load cases (Cas es 3 -and 4) 
are time depende nt or environmentally dependent, or 
both, in nature , the actual load intensity factor 

TABLE 1 Crack Development in Coupling Joint Vicinity (2) 

Inspected Bridge Structures 

Cross without 
crack with cracks* 

Total width Section cracks 
Imm] A B c D E F 

cracked Li T u T T T region• 
T- Beam 114 51 

(100%) (45%) < 0.2 5 34 2 3 1 0 

> 0.2 2 17 2 2 2 0 

cracked u Il u '[] u re Box 184 54 region• 

Girder (100%) (30%) < 0.2 5 29 32 5 37 6 

> 0.2 I 1 31 3 54 4 

more than one crack pattern can be encountered in one brid ge structure 
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FiGURE 2 Example of crack development in a two-cell box-girder span with 
coupling join I. 

varies for the resulting stress patterns. For Load 
Case 3, a maximum prying force of 1/2 the initial 
posttensioning force (P) was selected. This rep
resents a theoretical upper limit for possible prying 
forces due to increased prestress losses in the ten
don coupler as indicated elsewhere (1). Th e load in
tensity for Case 4 was chosen to -produce maximum 
tensile extreme fiber stresses of the same magnitude 

as the un iform pres tres s (fp ol • In the ca se of a 
real bcidge struc tur e , prestressing l e vel s of 
fl?o = 500 psi (3.5 MN/ m2

) are common in the 
vicinity of the inflection point, and detailed in
vestigations of additional stresses due to tem
p erature d i f f erentials , self-weight inaccuracies, 
and time-dependent force redistributions (8) have 
shown that a.otual stress levels of up to SOO psi 

(a) 

fpo= _P_ 
bxd 

(b) 
x/d x 

0.4 

·O. 4 

0 0.5 y/ d 

fpo ++ 
b 

FIGURE 3 Investigated examples: (a) Thin-walled concrete member with 
single tendon; (h) Analytical model. 
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FIG URE 4 Individual constt'uction and posttensioning stages: (a) 
Deformations and splitting stresses (Case l); (b) Deformations (Case 2). 

(3.5 MN/m 2
) are not uncommon in investigated bridge 

structures. A summary of the individual load condi
tions is given in Figure 5. 

Initial Individual Stress States 

Contour plots, shown in Figure 6 for the longitudinal 
and Figure 7 for the transverse stresses in the cou
pling joint vicinity, are presented for all four in
dividual load conditions (the construction and post
tensioning of the initial segment, the construction 
and posttensioning of the subsequent segment, the 
prestress loss in the coupler, and the additional 
flexural stress state) denoted as Cases 1 through 4 1 

respectively. 
Although Case 1 shows the typical stress contour 

lines for the in-plane distribution of a concentrated 
edge load and Case 4 shows the trivial pattern for a 
uniform state of bending, the stress contour lines 
for Cases 2 and 3 are not so frequently encountered. 
Of particular interest is the longitudinal stress 
distribution for the posttensioning of the subsequent 
segment (Figure 6, Case 2) in which stress levels of 
0.5 fpo dominate along the construction joint. This 
can l::ie attributed to half the posttensioning force 
for the subsequent segment at the coupling joint 
being absorbed by the initial segment in the form of 
a relief stress before direction is reversed in order 
to satisfy the self-equilibrating applied force state 
(Figure 6, Case 2). 

COMBINATION OF STRESS STATES 

The prototype bridge structure experiences a com
bination of the previously discussed individual 

stress states. The construction and posttensioning 
sequence will leave inherent stress states, which 
deviate substantially from assumed theoretical linear 
stress distributions of the prestressed concrete 
structure, in the construction and coupling joint 
area. Any additional stresses that result from the 
use of the structure and time or environmentally de
pendent effects have to be combined with this inher
ent construction stress state. Because the entire 
member is subjected to substantial compressive 
stresses due to pres tressing, and because initial 
cracking during construction can be assumed to be 
minimized by providing m1n1mum reinforcement for 
shrinkage, it can be assumed that at low additional 
load levels the concrete will behave linear elas
tically, which justifies simple superposition of the 
previously discussed load and stress patterns. 

Inherent Stress State After Segmental 
Construction 

Following the actual construction process of casting, 
curing, posttensioning (Case 1) and grouting of the 
initial segment and subsequent casting, curing, and 
posttensioning (Case 2) of the next segment, the 
built-in stresses due to the construction sequence 
are obtained by combining the individual stresses 
from Cases 1 and 2. The combined stress contour lines 
(Cases 1 + 2) in the longitudinal and transverse 
directions are shown in Figure 8. 

The longitudinal stress contour plot (x-stress) 
shows the uniform state of prestress of fx/fpo ; 1.0 
over most of the investigated area, and deviations 
occur only in the immediate vicinity (x/d ; ±0.4) 
of the coupling joint. Large compressive stress con-
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FIGURE 5 Individual load conditions. 

centrations are found close to the tendon anchorage 
or coupler, and a reduced stress state of fx/fpo = 
0.5 prevails over the remaining portion of the con
struction joint. Of particular interest is a zone at 
x/d = 0.2 above the construction joint where at the 
edge of the member a quite localized reduced stress 
state of fx/fpo = 0 . 3 is encountered. If th e 
thin-walled, pos~tensioned concrete member were pre
stressed to a uniform 500 psi compressive stress 
level, Figure 8 indicates that at x/ d = 0.2, y/d = 
0.5, a compressive stress reserve of only 150 psi 
would be available immediately after the segmental 
construction of the member. 

To emphasize the longitudinal stress variation in 

I = ·5.00 
2 = ·4 .50 
3 = .4 00 
4 = -3.50 
5 = -3.00 
6 = ·2 50 
7 = ·2 .00 
8 = -1.50 
9 = ·1.00 

10 = -0.50 
II = -0.40 
12 = · 0.30 
13 = -0.20 

ltd& 
14 = -0 .10 
15 = 0.00 
16 = 0 .10 
17 = 020 
18 = 0 .30 
19 = 0.40 
20 = 0 .50 

21 = 1.00 
22 = I 50 

case 1 

lo 

l·I 

· ~ 12 

II 

Ill 

JU 

I ll 

case 2 

--·-·· ...... . 
. . 

case 3 

Transportation Research Record 1072 

. . . _ ............. . ·-· .. . . . . . . 
· .. ; . ...: .... : ... : . . .. . . . 

:.! .. .! ~ ~. ~ . : . 
~......-.. ~-.. . . .. . 

.. . .. . . . 
/=r':;·· r: !':· 
. : t.,, . I . , ~ . , · l .. 

... ~ . . ! . . 

I ; 

l.. 

case 4 

the coupling joint vicinity, Figure 9 shows the 
x-stresses along selected transverse sections of the 
thin-walled member. Uniform compressive stress states 
a distance (x/d = ±0.5) away from the construction 
joint end, the nonlinear behavior in the direct 
vicinity of the coupling joint, and the minimum c om 
pressive stress reserve at x/ d = 0.2, y/d = 0.5 can 
be clearly identified in Figure 9. 

The contour plot of the combined transverse in
herent construction stress state (Figure 8, y-stress) 
s hows clearly the critical regions for splitting 
stresses both in the initial and the subsequent con
s truction segment. It should be noted, however, that 
the critical splitting stresses in the initial seg-
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FIGURE 6 Individual longitudinal stress contour lines in coupling joint vicinity. 
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FIG URE 7 lncliviclual transverse stress contour lines in coupling joint vicinity. 

ment occur during the posttensioning operation of 
that segment and are already slightly reduced in 
Figure 8 by compressive y-stresses from Load Case 2. 

Coupled Segments with Possible Losses and 
Temperature Effects 

The longitudinal stress states in the direct 
coupling joint vicinity for combinations of the in-

G 
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FIGURE 8 Inherent stress contour lines due to constmction 
and postlcnsioning sc<1uencc (Case I and 2). 
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herent construction stress (Cases 1 + 2) with ad
ditional stresses resulting from prestress losses in 
the coupler (Case 3), or additional moments due to 
temperature differences, or time-dependent shifts in 
the location of the point of inflection (Case 4) are 
plotted in Figure 10. 

The nonlinear compressive stress reserves from 
the construction stages (Cases 1 + 2) can be easily 
exceeded by high local tensile stresses directly ad
jacent to the tendon coupler (Cases 1 + 2 + 3) and 
for a wider range at the edge of the member by addi
tional flexural tensile stresses (Cases 1 + 2 + 4). 
Given these tension zones, the construction joint 
region can no longer be considered fully prestressed 
and, depending on the intensity of the superimposed 
loads, cracks can develop. These cracks in turn will 
significantly reduce the stiffness of the section in 
the coupling joint region and thus increase poten
tially dangerous (2_) cyclic stress levels. 

CRACK DEVELOPMENT 

Crack development in the coupling joint region was 
traced analytically for the additional Load Cases 3 
and 4 starting from the initial inherent construction 
stress state. 

The assumed concrete crack limit was equal in 
magnitude but opposite in sign to the initial level 
of prestress fpo (e.g., for the assumed 500-psi 
compressive state of prestress, the tensile crack 
limit was also set to 500 psi). The principal 
stresses were evaluated for each of the element in
tegration points as a combination of the inherent 
construction stresses and superimposed stresses due 
to the incremental additional loads. Simplified ele
ment stiffness deterioration and crack orientation 
were determined by a weighted averaging procedure 
over all element integration points. The direction 
of crack propagation was found based on the error 
accumulation method outlined in Pfeiffer et al. (10). 
In this method the crack is assumed to advanc~to 
the one element, of all the elements that have ex
ceeded the cracking stress level, that introduces 
the least amount of accumulated error as defined by 
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(1) 
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direction of minimum principal stress of 
the ith element. 

aPA. = l/3(aP. + ap, + ap ) 
l. 1-1 l. i+l 

(2) It should be noted that no stress redistribution of 
the initial inherent construction stresses was per
formed because only the crack origination and 
star ting direction, not the complete failure, were 
investigated. 

where 

counter of elements along the crack path, 
number of cracked elements, 
angle of the line connecting the ith ele
ment with the ith-plus-one element, 
average minimum principal stress direction 
of three adjacent elements at the ith ele-
ment, and 

x/J 

II. ll . J U.2 

The two crack patterns for Cases 3 and 4 are shown 
in Figures lla and llb, respectively. Integers from 
1 through 4 indicate the order in which elements ex
ceed the cracking stress limit at three or more in
tegration points, and the weighted minimum principal 
stress directions for these elements are indicated. 
The final crack patterns, as determined by the pro-

ll .~ (J O J 02 0.3 0.4 y /11 0.5 

case 1 case 2 case 1 + 2 

FIGURE 9 Longitudinal stress variations due to construction and postlensioning sequence. 
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FIGURE 11 Theoretical crack initiation and clevclopmenl. 

cedure outlined previously, are shown with bold lines 
through the cracked elements. 

The simplified theoretical crack pattern develop
ments shown in Figure 11 correspond to actual crack 
patterns encountered in coupling joints of prototype 
bridge structures with cracks parallel to the con
struction joint (see Figure 1) and are a direct re
sult of the reduced compressive stress reserves and 
the nonlinear stress states in the coupling joint 
region. 

CONCLUSIONS AND DESIGN RECOMMENDATIONS 

To properly design or evaluate coupling joints of 
post tensioned concrete members and the direct con
struction joint vicinity, the following findings from 
the present investigation should be considered: 

• Seemingly uniform compressive stress states 
of concentrically posttensioned concrete members can 
be reduced by 50 percent or more in the direct vi
cinity of the coupling joint as a result of sequen
tial construction and prestressing. 

• The same phenomenon applies to eccentrically 
posttensioned concrete members with one or more cou
pled tendons with deviations in the expected stress 
state from the initially assumed linear stress dis
tribution. 

• Nonlinear, even though mostly self-equili
brating, local stress states due to increased pre
stress losses in the coupler or the nonlinear portion 
of a temperature gradient can quickly exhaust reduced 
compressive stress capacity and reach cracking levels 
of the concrete. 

• Additional linear stress distribution from 
linear temperature gradients of unaccounted moments 
due to creep redistributions or dead load in
accuracies, or both, can also exceed the compressive 
stress reserves and reduce the section from full to 
partial prestressing. 

General design recommendations, given elsewhere 
(1), for coupling joints of posttensioned concrete 
bridges can be formulated more explicitly on the 
basis of the present findings: 

• A simple plane stress investigation of the 
coupling joint region covering approximately ±d 
(d = depth of structure) from the construction joint 
can yield detailed information about the actual com
pressive stress reserves after segmental con
struction and posttensioning. 

• Additional posttensioning should be provided 
in this region to reach the minimum design com
pressive stress levels. If detailed plane stress 
analysis is not performed, a reduced compressive 
stress state of 1/2 fpo can be assumed in the 
coupling joint region. 

• Where additional posttensioning of the coupling 
joint region is not feasible, sufficient regular re
inforcement should be provided to cover potential 
tensile stress regions. 

• This additional reinforcement through the 
construction joint should be provided in the form of 
closely spaced small-diameter bars to prevent single 
large cracks from opening and thus preserve struc
tural stiffness and corrosion protection character
istics. 

The consequences of cracks in the coupling joint 
vicinity must be explicitly investigated in the 
design process to determine cyclic stress levels with 
respect to reduced fatigue life for built-in 
anchorage-coupler-tendon assemblies. 
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Umbrella Loads for Bridge Design 

HEINZ P. KORETZKY, KANTILAL R. PATEL, 

RICHARD M. McCLURE, and DAVID A. VanHORN 

ABSTRACT 

Recent legislation allowing heavier vehicles on the highway system in Pennsylvania 
has been assessed for its impact on bridge design. The effect that permit traffic 
loads and heavy industrial or construction equipment have on bridges has also heen 
assessed. Bending moments for various highway vehicles are illustrated graphically 
for easy visual comparison. As a result of these studies, Pennsylvania has adopted 
new umbrella loads for bridge design. The umbrella loads consist of two loads for 
design purposes (AASHTO HS 25 and 125 percent military) and one load for permit 
purposes (204,000-lb eight-axle superload). 

Described in this paper is the engineering effort 
that led to replacement of the current AASHTO HS 20 
design loading <!> for bridge designs in Pennsylvania 
with larger loads. Recent legislation allowing 
heavier vehicles on the state highway system has been 
assessed for its impact on the umbrella bridge design 
loads. Various engineering considerations are also 
outlined including the effect that permit traffic 
loads and heavy industrial equipment would have on 
the new design loads. The effect of bending moment 
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of Civil Engineering, The Pennsylvania State Univer
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for various highway vehicles is illustrated graphi
cally for easy visual comparison. 

PREVIOUS DESIGN LOADINGS 

Since 1941 Pennsylvania has used the most conserva
tive AASHTO HS 20 bridge design loading exclusively 
in the design of every type of state-owned bridge 
for all classes of highways. This design loading is 
routinely used by many other states, but some states 
use the lower class HS 15 loading. 

The hypothetical HS loadings are defined in the 
AASHTO Standard Specifications for Highway Bridges 
(1). The HS 20 loading is comprised of a single 
tractor and trailer weighing 36 tons, or an equiva
lent uniform load with a concentrated load (to simu
late a truck train), whichever produces the maximum 
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stresses. For bridges carrying the Interstate highway 
system, an alternate military loading of two axles 4 
ft apart with each axle weighing 24 kips is also 
considered. 

In 1982 Pennsylvania bridge engineers changed the 
live load design criteria for all state-owned bridges 
to the governing AASHTO HS 20 or alternate military 
loading. This design loading was previously used only 
on the Federal-Aid system. Bridges on the local sys
tem can be designed using the minimum loadings stated 
in the AASHTO Standard Specifications for Highway 
Bridges <!.> • 

For the last several years, AASHTO bridge engi
neers have debated the need to increase the AASHTO 
bridge design loads to fit actual conditions. Re
cently, several states have adopted the HS 25 design 
loading, and Ontario adopted the Ontario Code !ll , 
and California adopted a new concept of "P-load" de
sign (_l). 

LEGAL LOADS 

Legal loads are those maximum weights and dimensions 
of motor vehicles that can operate on highways with
out special approval from authorities. Legal vehicles 
are of different types that can be separated into 
trucks and combinations. Over the years, legal loads 
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have increased to a level that now demands the at
tention of bridge engineers. 

In 1970 the Pennsylvania Legislature legalized a 
four-axle truck with a maximum gross weight of 72,000 
lb. In 1980 the Legislature with Senate Bill 10 and 
House Bill 34 (,!) further increased the maximum gross 
weight of the four-aitle vehicle to 73,280 lb. The 
axle weight distribution of the four-axle truck was 
also revised from 18, 000 lb each to 20 ,000 lb each 
for the three rear axles. In the 1980 legislation, 
80,000-lb combinat.ions were also made legal with 
weight distributions complying to the National Bridge 
Formula (5). The weight and size limits for trucks 
and combinations in Pennsylvania since 1980 are shown 
in Figure 1. 

Legal loads vary somewhat from state to state in 
total weight, weight control on internal axles, and 
overall truck dimensions. However, in most states 
they are quite similar to those shown in Figure 1, 
which satisfy the requirements of the Federal Highway 
Administration for travel on the Interstate highway 
system. Federal-Aid Amendments of 1974 increased the 
permissible weight of vehicles operating on Inter
states to 20,000 lb for a single axle, 34,000 lb for 
tandem axles, and 80,000 lb total gross weight (5). 
The Nationa l Bridge Formula (5) which requires longer 
axle spacing and lower axle- loads for combination 
vehicles in the 72,000 to 80,000 lb range, was also 

···~ @ 
TRUCKS 

V.C. 4943 (al 
COMBINATION 3 AND 4 AXLES 

v.c. 4941(bl 
COMBINATION 5 OR MORE AXLES 

v.c. 4943(bl 
GROSS WEIGHT NOT EXCEEDING 73,280 LBS. 

MAXIM UM GROSS WEIOHT 44.800 LBS. 

Tillll ' tll': 

cJit?J:t-rt Tl ·~ 
~· ··- Q9 
See Note '" 11110 1 us 1.t \f 111 

MAXIMUM GROSS WEIGHT 58,400 LBS. 

TR11'-lr.: 

~Jkl['JLj\ --li>,-, . I) • q <I 0 

See Note 1t1uoo LBS u \CHI 

MAXIMUM GROSS WEIGHT 73,280 LBS. 

LEGAL SIZE RESTRICTIONS- INCLUDING LOAD 

Total Leng1h : (including bumpNs) 
Motor Vehicle . _ • • • _ 40 II . 
Combination. • • • • , 60 f t 

Any LOAD nond1vmbh! as to 
length h.uled on a eombinat10n 
of vehicles ... , ... . ..... • 70 h. 

Total Width: le11tclud1ng mirrors and su"'hodesl .. 8 ft . 
Nondivisible LOAD on hleti wavs having 
e roadw.rv width of twenty feet 
or more, except for lnteruate 
highways, .... B'h ft. 

Tot•I Height: ... \3% ft. 

2-0 

3-0 

4-0 

GROSS WEIGHT NOT EXCEEDING 73,280 LBS. 

nn C'K T1U<TOR SEMI-TRAILER -·i ... 
See Noce 21400 1.H11 n ,.400 1 ns 

MAXIMUM GROSS WEIGHT 50,000 LBS. 
WITH SPECIAL HAULING PERMIT - 69,000 LBS. 

See Note l:l iun I llS 

-a!!U!!t ' ~· 
lflmm IHS 11 .,1111 

MAXIMUM (;ROSS WF.IGllT ~o.ooo LHS. 
WITH SPECIAL llAULING PERMI r - 80,000 LBS. 

TfU'CK • TIU,CTOM 

c::B1;RAILER 

~f~~I 
See Note 18.000 I flS ll:A( Ill ll , 00 111.'. 

MAXIMUM GROSS WEIGHT 60.000 LBS. 
WITH SPECIAL H/\ULING PERMIT - 80,000 LBS. 

~-~=~ 
See Note TABLE A 

MAXIMUM GROSS WEIGHT 62,000 LBS. 

NOTE: 

2-1 

2-2 

3-1 

2-2T 

No motor vehicle or combination shall, 
when operated upon a highway . have a weight 

upon any one wheel in excess of 800 pounds for 
each nominal inch ol width of tire on the wheel. 

FIGURE 1 Weight and size limits fo1· trucks and combinations in Pennsylvania. 

GROSS WEIGHT EXCEEDING 73,280 LBS. 

THI (Iii IK\fTUH 

c:f\} ~l~:1:m:.a 
~~ 

See Nore 20,000 UIS. T /\Blf. B 

MAXIMUM GROSS WUGllT LH;AL - 80,000 LBS. 
WITH SPECIAL llAUl.INC; PF.RMIT - 95.1100 LBS. 

MAXIM LIM <;ROSS Wl·:ll;HT Ll'loAL - 80,000 LBS. 
WITll SPECIAL llAULING PERMIT - 123,000 LBS. 

THl'<Km~~::~R~1 
See Note f AOLf~ 8 TABLE 8 

MAXIMUM <:IWSS WEIGllT LE<;/\L - d0,000 LBS. 
WITH Sl'ITIAI llAlJl.IN<; Pl'IO.ffl - 150,000 LBS. 

2-3 

J.2 

3-3 

~·· · ff_B 

TRllC:K •TM.U,.nn 34 

See Note TABLE B TABLE B 
MAXIMUM GROSS WEIGllT LEGAL - 80,000 LBS. 
WITH SPECIAL HAULING PERMrl - 177,000 LBS. 

LOAD OVERHANG RESTRICTIONS 

Maximum extension of load heyonc1 extremities of 

vehicles, provided no legal size restrictions are 

exceeded: 

Front • 

Rt>ar ••• 
Le fl Side ... , •• , •••••••. 

RiahLSrdc •.•••••••• 

3 ft 

.• . 6 ft 
None 

• 1 ft . 
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TABLE A AXLE WEIGHT LIMIT WHEN GROSS WEIGHT DOES NOT 
EXCEED 73,280 POUNDS 

Maximu m axle weights are at shown provided al l other requ irements are met as out1: 11ed 
in che Vehicle Code such as manufac turer's rated axle capacity, tire size , l!li: . 

If the Center · to-Center Distance 
Between the ne arest Ad1acen t Axle is : 

Under 6 feet 
6 to 8 feet 
Over B feet 

Ma x imum Axle Weight in Pounds Upon ~ 

One ol Two 
Ad1acenl Axles 

18,000 
18,000 
22,400 

Other of Two 
Ad1acent Axles 

18 ,000 
22,400 
22,400 

TABLE B AXLE WEIGHT LIMIT WHEN GROSS WEIGHT EXCEEDS 73,280 POUNDS 

Maximum load in pounds carried in any 
group of 2 or more consecutive axles 

Center -to-center distance in 
in feet between the first and 
last axles of any group of 
2 or more consecutive axles 

2 axles 3 axles 4 axles 5 axles 6 axles 7 axles 

NOTES; 

A) Use this TABLE only 
whe n both of following 
conditions apply: 

11 l.nmhinalion Gross 
Weight must exceed 73,280 
lbs, 

2) Combination must 
h1"'e at tcaH Hvti (5) 
axles 

Bl No axle weight shall 
e•ceed 1hft lennr ot 
the manufacturer's rated 
ax le capacity or 20,000 Lbs. 

C) All lengths shall be 
measured long1tudmally to 
the nearest foot , 

4 •.•.•••••. ' .. 34,000 
5 ••••••••. ,35,000 
6 . . . • • . • • • . .36,000 AX LE GROUPS IN 

...• ••••••.• 37,000 

... - •.•••. ' .• 38,000 42 ,000 THESE SPACINGS 
9 .•••.•••••.• 39,000 43 .000 
10 40,000 43,500 IMPRl\CTICl\L 
11. • .44, 500 
12 ' . • • • . • • • . 45,000 50 ,000 
13 .... • - • - • . . 46,000 50,500 
14 .. . • • • • • • . . • .46,500 51 ,500 
15 .. • • . . . • . . . - • .47,500 52 .000 
16 . ' • • • • • • • • 48,000 52,500 58 .000 
17 ' . - - - ' • • • . . • 49,000 53 ,500 58 ,500 
18 , • • • • • • • . .49,500 54 .000 59 ,500 
19 . 50,500 54 ,500 60,000 
20 , ' .••••.•. 51 ,000 55.500 60.500 
21 , .52,000 56,000 61 ,000 
22 ' . • . • • • • • . . . •. 52,500 56,500 62,000 
23 ,.' ... •••. 53,500 57,500 62,500 
24 .. ••• ' •• ' • ' ••••• - • - .54,000 58,000 63 ,000 
25 .. - .• ' ' ' ' ' ' ,55,000 58,500 63 ,500 
26 . . . . . . ... - . - •. 55,500 59,500 64 ,500 
27 .••••.••• • ' .56,500 60,000 65.000 
28 ' ' ' - • ' ' • • • . • • . • . .57 ,000 60,500 65 ,500 29 ......... . . ..... .58 .000 61,500 66 .000 
30 . • . . . . • • • • • • • • • .58,500 62 ,000 67 .000 
31 , •••.•••••••.•••••• 59,500 62,500 67,500 
32 . ' • ' •••• ' • • • • • • • .60,000 63,500 68,000 
33 . . ..• ' ... - .• - . • • .64,000 68,500 
34 , .•... ' ••••••.• ' • 64,500 69,500 
35 ' . . . . . ' ...• 65,500 70,000 
36 , •••• ' . • • • • • • • • . . .68,000 70,500 
37 . • . • • . • • • • • • • • • • • . • 68,000 71,000 
38 , • • • • . • • • • • • . . • . • .68,000 72 ,000 
39 . . • . . • • • • • • • • • • . • • • . • . • 68.000 72 ,500 
40 ••••• ' ••.• .•.. . ......•..... 68 ,500 73 .000 
41 . . •• ' .•••.•••••..•.••.. • •. 69,500 73 ,500 
42 . ...••. . •••••••• . ....•. .. .• 70,000 74,500 
43 .•.••.•. ••••••• ..•• • ' •. ' . 70,500 75,000 
44 ....•..•.•.•..• ' ' •• ' • . ....• 71,500 75,500 
45 •• . •••••••••••• ' .••••. ' ••• 72,000 76,000 
46 , •.•• ' • •. •••..•. . '... • • • . ••.••••• 77.000 
47 •• ' •.•••••••••••. . ........•..••••. 77 ,&00 
48 . • ' . . • • • • . • • • • • .78.000 
49 ••. . .....•• - •..•. • •••••. • . - •.• - .•• 78.500 
50 ••••• • •• . •••.. • . ' ••••.•.••• ' •• ' ••. 79 .500 

--- ---- --51-ond over-.-.-.-. ......... , •. , , , ....•.. , .80,000 

AXLE WEIGHT LIMIT WITH SPECIAL HAULING PERMIT 

66.000 
66.500 
67,000 
68,000 
68,500 
69,000 
69,500 
70,000 
71,000 
71 .500 
72,000 
72,500 
73,000 
74,000 
74,500 
75,000 
75,500 
76,000 
77,000 
77,500 
78,000 
78,500 
79,000 
80,000 

80,000 

1, Unloaded Motor Vehicles must be hauled on a combination when any axle weight exceeds 50,000 pounds. 
2, Combinations hauling a nondivisibte load may not exceed 27 ,000 poundi on any axle. 

No vehicle or combimnion shall have a weight upon any a"le in e)(cess of the manufacturer's rated axle capacity 

FIGURE 1 (continued) 

74,000 
74,500 
75,000 
76 ,000 
76,500 
77 .000 
77 .500 
78 ,000 
78,500 
79,500 
80,000 

80.000 

introduced. It is a simple engineering fact that if 
loads are distributed over a larger area, they have 
a smaller effect on bridges. 

figuration G representing AASHTO alternate military 
loading is also shown in Figure 2. From the plot it 
is apparent that this load governs HS 20 loading in 
the span range of from 11 to 37 ft and peaks at about 
127 percent of HS 20. All moment curves falling below 
the combined 100 percent baseline and alternate 
military curve G are not overstressing bridges de
signed after 1982. Single vehicles rather than the 
equivalent uniform load with a concentrated load will 
govern for simply supported spans of up to approxi
mately 145 ft. 

Figure 2 shows a comparison of bending moments 
for simply supported spans between AASHTO HS 20 de
sign loading and the critical maximum legal loads. 
The HS 20 design load is used as a base for ease of 
comparison and is represented by the 100 percent 
line. All moment curves falling below the 100 percent 
baseline are not overstressing bridges designed after 
1949 when the HS 20 loading was adopted. Load Con-
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FIGURE 2 Bending moment expressed as percentage of HS 20 for maximum legal loads (1980). 

For many years AASHTO HS 20 bridge design loading 
has been considered conservative by bridge engineers. 
This is no longer true because of periodic increases 
in legal load limits. From Figure 2 it can be seen 
that the most critical maximum legal load is the 
four-axle truck that is represented by Curves B and 
C. These curves peak at about 151 percent of HS 20. 
Such trucks could be coal, gravel, and ready-mixed 
concrete trucks frequently used in Pennsylvania. It 
can also be seen from Figure 2 that maximum legal 
loads represented by Curves B, C, and F are over
s tressing bridges designed after 1982. Furthermore, 
maximum legal loads represented by Curves A, B, C, 
and F are overstressing bridges not on the Interstate 
system designed before 1982. Figure 2 also demon
strates that the maximum legal combinations of 72,000 
lb generated moment curves (D and E) less than the 
design load before 1982. In accordance with federal 
regulations, a bridge must be posted if it cannot 
handle the maximum legal load at the operating stress 
level. 

The reader must keep in mind that the curves shown 
in Figure 2 represent only one parameter of many that 
severely influence the strength of a bridge. In this 
case, the live load bending moment was used as a 
basis for comparison. The effect of impact loads, 
multiple loaded traffic lanes, shear, dead load-to
live load ratios, and frequency of loadings have not 
been included in this comparison. 

PERMIT LOADS 

Permit loads are loads that exceed legal limits but 
are allowed to operate on the highway under a permit 
issued by a regulatory agency. These loads are quite 
heavy--often between 2 to 3 times the design live 
loads. Permit loads, because of their large gross 
weights or extremely heavy axle weight or axle group 
weight, produce stresses much higher than the 
stresses used for the design of bridges. 

The weight and size limits for trucks and combi
nations that can operate with special permits in 
Pennsylvania are also shown in Figure 1. These limits 
went into effect in 1980 along with the increase to 
80,000 lb for the maximum gross legal weight for com
binations. 

There has been a significant increase in the num
ber of vehicles that exceed legal loads. The fre
quency and magnitude of various permits issued in 
Pennsylvania during 1 recent calendar year are given 
in Table 1. It can be safely assumed that the numbers 
given in Table 1 reflect combinations because weight 
permits are not regularly issued for trucks and con
struction load per mi ts are rather infrequent. The 

TABLE I Frequency and Magnitude of Various 
Permits Issued During I Calendar Year 

Category 

I' 
2 
3 
4 
5 
6 
7 

Tot al 

Weight Range (lb) 

0-73,281 
73,28 1-95,000 
95,00J-123,000 
123,001-150,000 
150,001-177,000 
177,001-204,000 
More than 204 ,000 

8
Category I consis ts of over-width permits. 

No. of Permits 

108,704 
24,547 
18,989 
7,557 

435 
179 

__ 3_9 

160,450 

data in Table 1 indicate that approximately 8 ,210 
permits were issued yearly for vehicles in excess of 
123,000 lb, 653 permits yearly for vehicles in excess 
of 150,000 lb, and 39 permits yearly for vehicles in 
excess of 204, 000 lb. The 204 ,000-lb load is desig
nated as a "Superload" in Pennsylvania and is subject 
to various other permit limitations. 
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The results of a study of 1980 permit loads are 
shown in Figure 3. This figure shows a comparison of 
bending moments for simply supported spans. Again, 
the HS 20 design load is used as the base and is 
represented by the 100 percent line. Load Configura
tion 5 representing AASHTO alternate military loading 
is also shown in Figure 3. The sketches on the right 
side of Figure 3 depict five-axle combinations 
(123,000 lb), six-axle combinations (135,000 lb) and 
seven-axle combinations (172, 000 lb) • These vehicles 
are based on the maximum axle loads of 27 ,000 lb 
permitted by regulations put in force in 1980. It 
was the thinking before 1983 that moment curves pro
duced by legal loads should not exceed the HS 20 
design moment curve to any large degree, because 
legal loads are frequent loads. However, permit loads 
are considered rather infrequent loads i therefore, 
160 percent of the design moment, which is equivalent 
to an HS 32 design moment, would be tolerable. If 
these limits are exceeded for a given bridge, the 
structure must be individually investigated by a 
bridge engineer. 

From the study depicted in Figure 3, it can be 
seen that permit loads for which permits were rou
tinely issued after 1Y80 cause stresses much larger 
than the 160 percent design moment values. Stresses 
substantially higher than design stresses will reduce 
the service life of the bridge, may cause an increase 
in maintenance costs, and could lead to fatigue 
failures in frequently loaded steel elements. From 
these curves it is apparent that the practice of in
discriminately issuing per mi ts for 2 7-k ip axle 
vehicles is detrimental to bridges. 

A contact with permit offices in Pennsylvania 
revealed that trucks would not be given overload 
permits, but combinations and construction vehicles 
subject to a maximum axle load limitation would. 

In 1984 the weight and size limits for trucks and 
combinations with special hauling permits changed 
(~). The policy of permitting maximum axle loads of 
27,000 lb was revised, and maximum axle loads were 
determined using the National Bridge Formula (4). 

Figure 4 shows a comparison of bending -;;Joments 
for simply supported spans for 1984 permit vehicles 
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with up to seven axles and a maximum gross weight of 
136,000 lb. It should be noted in this figure that 
the moments do not exceed approximately 160 percent 
of the design moment (HS 32). This led to the de
partment's requirement that bridge engineers must 
review permit loads of 135,000 lb or larger for com
binations with a maximum of seven axles. Figure 5 
shows the results of a similar study using two-axle 
recommended construction loads. Even though the loads 
peaked in the short span range of approximately 30 
ft, they did not exceed the effect of approximately 
160 percent of the design moment (HS 32). 

Pennsylvania's heavy haulers and heavy industry 
wanted assurances that the department would promptly 
issue permits for heavy industrial loads without the 
lengthy delay that may result if bridge engineers 
review the many permit applications for loads of 
135,000 lb or larger. This request led the department 
to initiate a study of the feasibility of developing 
an automated permit routing system. 

PRESENT DESIGN LOADINGS 

In 1983 the Pennsylvania Department of Transportation 
made the decision to change from working stress 
design to load factor design (}).At the same time, 
it was decided to change the design loading for 
state-owned bridges. 

A study comparing design live load moments for 
various vehicle configurations was made and the re
sults are shown in Figure 6. The HS 20 design load 
is used as a base and is represented by the 100 per
cent line. The alternate military loading and the 
four-axle truck (ML 80 loading), which is the criti
cal maximum legal load that can use the highways to
day without special approval from authorities, are 
also shown in Figure 6. Truck axle loads and dimen
sions are shown on the right side of the figure. From 
the lower portion of the figure it can be seen that 
the moments from the HS 25 design loading (125 per
cent line) and increased military design loading (125 
percent times military load) almost completely envel
op the moments caused by the ML 80 er i ti cal legal 
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loading. From the lower portion of Figure 6 it can 
also be seen that the increased military load governs 
for simple spans of from 11 to 37 ft. For the remain
der of the simple span lengths, the HS 25 truck 
loading governs. It should also be mentioned that HS 
25 equivalent lane load, which is 125 percent of 
AASHTO HS 20 lane loading, should be considered for 
simple spans longer than approximately 140 ft. All 
truck and lane loadings will have a width of 10 ft. 

The only way to correlate design practice directly 
with permit policy is to check or design the struc
ture for the permit load that is expected to be ap
plied to it. In other words, attaining the desired 
permit load capacity becomes one of the performance 
conditions in the design procedure. Using the load 
factor design method, which includes a permit load 
check, should produce structures with a more uniform 
overload capacity. Being able to use every structure 
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alon9 a route to its fullest provides maximum usa
bility at minimum cost (ll· 

Concurrent with the adoption of load factor design 
and the heavier design loads, all structures will be 
checked to see if they can carry a 204,000-lb eight
axle permit load at operating rating in accordance 
with the 1983 AASHTO Manual for Maintenance Inspec
tion of Bridges (!!). This check is equivalent to 
designing for the 204.000-lb permit vehicles as Group 
IB loading in accordance with Article 3.22 of the 
AASHTO Standard Specifications (!_). The axle loads 
and dimensions, as well as the relationship of live 
load bending moments for various span lengths, for 
the 204,000-lb permit load are also shown in Figure 
6. Because the 5/3 B factor applies to the design 
loads and not the permit loads, the upper portion of 
the diagram in Figure 6 shows that the 204,000-lb 
permit load will govern for simple span lengths of 
from 85 to 195 ft. The check for the 204,000-lb 
super load applies to the superstructure only. Sub
structure and foundation need not be checked, except 
for pier caps under superstructures that exceed a 
65-ft span length. Dead, live, impact, and centrifu
gal forces should be included in the check. Deflec
tion and fatigue criteria are not applicable. 

The 204,000-lb permit vehicle is assumed to have 
the same width as the 10-ft-wide standard AASHTO 
truck. When checking the bridge or its components, 
one 204,000-lb permit vehicle is placed in the worst 
position in one traffic lane and HS 25 design loading 
is placed in the remaining traffic lanes. Article 
3. 23 of the AASHTO Specifications can be used for 
the distribution of the wheel loads to stringers, 
longitudinal beams, and floor beams (!). Using these 
conservative methods would be equivalent to placing 
the permit loads in all lanes. Distribution based on 

established theoretical analysis can be used instead 
of AASHTO empirical formulas when it allows greater 
economy. 

The 204,000-lb eight-axle permit load was devel
oped by the permit regulatory office to facilitate 
the issuance of permits. Th is 204, 000-lb super load 
is more critical than the 135,000-lb six-axle vehicle 
because the 27,000-lb maximum axle loads for permit 
vehicles have now been reduced in accordance with the 
National Bridge Formula (~). Permits will be issued 
routinely for new structures if the loads applied 
are smaller than the 204,000-lb superload. Permits 
may also be approved for heavier loads, but this will 
require a special analysis of each structure on the 
planned route for the specific loads and vehicle 
under consideration. 

CONCLUSIONS 

Pennsylvania has confirmed that a true umbrella load 
could be represented by two design loads for design 
purposes (HS 25 and 125 percent military) and one 
design load for permit load purposes (204,000-lb 
superload). By staying with the vehicle configura
tions previously used by AASHTO (HS and military), 
the designs have been kept simple. 
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Application of Expert Systems in the Design of Bridges 

JAMES G. WELCH and MRINMA Y BISW AS 

ABSTRACT 

The principles of artificial intelligence have been used to develop an expert 
system for the design of bridge superstructures. The expert system developed, a 
Bridge Design Expert System (BDES), applies the ideas of artificial intelligence 
to the bridge design process. The result is a practical system capable of aiding 
any bridge designer. BDES at its preliminary stage considers superstructures of 
short- to medium-span bridges. It designs for structural steel and pres tressed 
concrete girders. The developed BDES is a valuable design tool, but, more impor
tant, it has shown the potential applications of expert systems in bridge design. 

The application of computers in engineering has aided 
in the solution of numerous problems. This is espe
cially true for problems of analysis for which pro
grams have been constructed to assist the engineer 
in determining stresses, strains, and strengths of 
structures. Computer systems are also available to 
aid in detailed drafting. However, computer applica
tions for decision making in design problems have 
been limited. Programs to aid the designer proceed 
through different phases of the design process have 
been developed, but programs to carry out the entire 
design decision-making process are scarce. The de
signer is required to make various decisions 
throughout the design process (l,pp.3-6). Design de
c1s1ons may include selectini" feasible structure 
types, making appropriate approximations and assump
tions, and sizing individual members to satisfy the 
design er i ter ia. Such problems are "ill-structured" 
and are not well suited for conventional programming 
procedures (~) • 

However, a program capable of proceeding through 
the entire design process has been developed by ap
plying a relatively new technology called expert 
systems. Expert systems, also called knowledge- or 
rule-based expert systems, are intelligent computer 

Transportation and Infrastructure Research Center and 
School of Engineering, Duke University, Durham, N.C. 
27706. 

programs that are capable of solving practical prob
lems that have heretofore been considered difficult 
enough to require human intelligence for their solu
tion (1). The developed expert system, Bridge Design 
Expert System (BDES), was constructed to explore the 
applications of expert systems to the design of 
bridge superstructures. 

EMERGENCE OF EXPERT SYSTEMS 

Interest in developing expert systems has greatly 
increased in recent years because of their advantages 
over more conventional computer programming proce
dures. The following table gives some expert systems 
and the problem domain that they attempt to address 

(ld.l· 

Expert Systell1 
MYCIN 
DENDRAL 
MACSYMA 
HEARSAY II 
PROSPECTOR 
GENESIS 

Domain 
Medical diagnosis 
Organic chemistry 
Symbolic mathematics 
Speech understanding 
Exploratory geology 
Genetic engineering 

However, because the idea of expert systems is quite 
new, their potential use in many areas has not yet 
been investigated. This is certainly true for civil 
engineering applications, and especially in the area 
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of transportation engineering. 
gives some engineering expert 
their problem domain. 

The following 
systems a long 

Expert System 
HI-RISE 
FAX 
SAGE 
BDES 

EXPERT SYSTEMS 

Domain 
Bu'ilding design 
Failure analysis 
Structural analysis 
Structural design 

table 
with 

Expert systems attempt to model the problem-solving 
expertise of a human expert within a particular 
field. This requires representing specific knowledge 
or expertise of an expert as well as general prob
lem-solving strategies. In knowledge-based expert 
systems, the expert's knowledge is stored in the 
system's knowledge base. This is analogous to a data 
base in a conventional program. The problem-solving 
strategy involvGs drawing inferences and controlling 
the reasoning process (3). These strategies comprise 
the inference procedure-of an expert system. The in
ference procedure is included in what has been termed 
the expert system's "inference engine" (l_,j_). 

The knowledge base includes two different types 
of knowledge: factual and heuristic (l_,j_). Factual 
knowledge can usually be found in textbooks and other 
references and hence is common knowledge (l_,j_). For 
example, in BDES factual knowledge may include AASHTO 
requirements, material properties, and potential 
superstructure designs typically used .. Factual 
knowledge is referred to as simply the "facts." 

Heuristic knowledge is mostly pr iv ate knowledge 
that experts have gained through experience (l_). This 
knc'.·:ledge i:; characterized by rules cf good judgment, 
rules of good guessing, rules of plausible reasoning, 
and rules of thumb. These rules model the decision 
expertise the expert uses to solve the problem. This 
heuristic knowledge is represented in the form of 
rules and is thus referred to as the "rules." Rules 
in BDES may be used to select the superstructure 
type, determine the girder spacing, or decide between 
a simple or continuous span design. 

KNOWLEDGE-BASED EXPERT SYSTEM 

Figure 1 shows a schematic representation of a 
knowledge-based expert system. The figure illustrates 
that a user of an expert system may be an expert or 
a nonexpert. The analogy in BDES is the experienced 
bridge designer as the expert and the novice engineer 
as the user. 

Whether the user is an expert or not, the system 
must require input from the user to begin. The input, 

Knowledge Base 
1
..._ ________ 

1 
Pro em 

Rules Facts Statement 

Knowledge 
Processing 

Knowledge I 
U date 

Inference En ine 

Problem 
Process.ing 

Decision 

--! Expert/User 
'--------'-------'------' 

FIGURE 1 Knowledge-based expert systems. 
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represented here by the problem statement, consists 
of all engineering data required to state the prob
lem for the expert system to solve. The problem 
statement basically symbolizes the memory that stores 
the problem data. 

The expert system now combines the data of the 
problem statement with the facts and rules contained 
in the knowledge base. The rules in the knowledge 
base use the problem data and the facts of the 
knowledge base to draw inferences and solve inter
mediate steps leading to the final design decision. 

The inference engine uses control procedures to 
draw appropriate inferences. Drawing inferences in 
an expert system simulates the expert's reasoning 
process. Reasoning requires processing the problem 
and the problem expertise to make decisions. 

Inference procedures typically use if-then rules 
to model the decision making of the expert. If-then 
rules state that if a certain condition or set of 
conditions is true, then a particular conclusion be
comes true. The knowledge base may contain many if
then rules and thus require the inference engine to 
provide a suitable strategy to control the selection 
of appropriate rulco. 

Ideally the inference engine should trigger rules 
that generate decisions comparable to those that the 
expert would make at any point in the solution pro
cess. The control procedures must therefore find a 
way to systematically proceed from the initial prob
lem state to the final goal. The solution or goal in 
many problems, including design, requires searching 
many possible outcomes until one satisfying the goal 
is found. The inference engine continues using rules 
to search for a solution until the solution has been 
found. 

Figure 1 shows three outputs to the expert/user. 
Tnese include so.Luci.on, explana"C1on, and knowledge 
update. The solution output is obviously the desired 
solution to the problem. However, the user may wish 
to know more than just the final solution. The user 
may want to know how or why a certain conclusion was 
reached. The explanation output represents this fea
ture. All expert systems do not give explanations of 
why or how they reached a certain conclusion. How
ever, this feature is obviously quite desirable. 

The knowledge update output represents an ideal 
feature by means of which the expert system can learn 
from its experience and thus suggest ways to the user 
(expert) for updating the knowledge in the knowledge 
base. The expert user can then update that knowledge. 
Of course the expert user may still update the 
knowledge base or enter new knowledge without this 
feature. 

ARTIFICIAL INTELLIGENCE SEARCH STRATEGIES 

Artificial intelligence has developed efficient 
strategies for solving search problems. Most notable 
are "breadth-first" and "depth-first" search pro
cesses using forward and backward chaining strategies 
(5,6). Breadth-first and depth-first differ in the 
way - they proceed through a search space. A search 
space includes all possible outcomes at each stage 
of the solution process. This can be viewed as a 
treelike structure that contains at the top the ini
tial state and at the bottom many goal or solution 
states. Levels in the middle of the structure cor
respond to intermediate solution states along some 
path to the goal state. A breadth-first search pro
ceeds down the structure one level at a time examin
ing each intermediate state of the next level to 
decide what is the best path. A depth-first search 
assumes one path and proceeds down it until it either 
determines that that path will not lead to a solution 
or reaches the final goal state. 
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Forward chaining starts at an initial state and 
infers intermediate subgoals in an orderly fashion 
until the final goal is found. Backward chaining 
assumes a goal and attempts to verify the assumed 
goal by attempting to proceed backwards to the ini
tial state. Forward chaining is useful when many goal 
states are possible and backward chaining is useful 
when a few goal states are possible. 

IMPLEMENTING AN EXPERT SYSTEM IN BRIDGE DESIGN 

Implementing an expert system in bridge design first 
requires identifying the knowledge of the bridge 
design process to use to build and develop a knowl
edge base. Steps in the bridge design process (design 
procedure) are shown in Figure 2. Knowledge used in 
each step of the process is also displayed. 

The second task is to develop suitable inference 
procedures to process the knowledge. Different pro
cedures could be used. However, a strategy that best 
simulates the reasoning process of the bridge 
designer should be identified. 

Problem ~ Bridge Function 
Description Bridge Geometry 

Design 
Criteria I Loads 

------} Materials 
'--~~~~~-' Methods 

Establish 
Design Superstructure Possibilities 
S ace 

Structural 
Steel 

Rolled Beam 
Plate Girder 
Box-Girder 

Pres tressed 
Concrete 

Voided Slab 
Channel 
Box-Girder 
AASHTO/PCI 

Bulb Tee 

Design 
Decisions Step-by-Step Hierarchical 

Selection 

FIGURE 2 Design procedure. 

KNOWLEDGE OF THE BRIDGE DESIGN PROCESS 

Establishing the information or data needed to ade
quately describe the problem is the first step. 
Bridge geometry and bridge function give this infor
mation. Bridge geometry includes bridge length, 
width, height, and skew. The number of lanes, the 
number of spans, and the lengths of the spans are 
also part of the geometry input. Bridge function 
describes the reason for constructing the bridge 
(e.g., to cross over another roadway, to cross over 
a stream). Information describing the problem is 
design specific and is therefore required input by 
the user. This information is thus not part of the 
expert system's knowledge base. 

The next step in the design process represents 
factual knowledge stating the constraints and cri
teria to which the design must adhere. The loading, 
material properties, and method of design to be used 
must be established. For example, the method of 
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design could consist of either load factor or working 
stress. 

The next step shown in Figure 2 refers to the es
tablishment of the design space. The design space 
represents all possible bridge superstructure de
signs. Examples of structural steel and prestressed 
concrete superstructures included in the design space 
of BOES are shown in Figure 2 (~-~).Figure 3 illus
trates further the design space for structural steel. 
The figure shows a treelike structure in which levels 
of the tree correspond to different design character
istics. 

Hierarchy of 
Design 

Structural 
Type 

Depth/Web 
Ratio 

Flange 
Thickness 

Web 
Depth 

Preliminary 
Design 

joesign Space I 
jst r uctur al Steetj 

AISC / welded ""'Composite 
Standard Plate Box-Girder 
Rolled Beam Girder 

Compact/No! com~Transversely 
pact Stiffened 

/\ 
Constant Built-up 

/\ 
Constant Tapi red 

Design 
Alternative 
Ni 

Design 
Alternative 
Nj 

FIG URE 3 Design space. 

The many characteristics allow for a great multi
tude of potential designs. Establishing the design 
space provides the designer with all the possible 
solutions to the design problem. It should be pointed 
out that this step does not represent an input, ac
tion, or decision in the design process. However, 
this step is shown to stress that the designer must 
be aware of all of the possible superstructure 
designs. It should be noted that the design space 
represents factual knowledge in the knowledge base. 
This is true because the different designs in the 
design space are typically used standard designs. 

The design process must now begin making decisions 
that will ultimately lead to a final design. The 
design decisions in themselves constitute a series 
of steps. Each step requires drawing inferences to 
make appropriate selections given some discrete set 
of choices. These steps are normally performed in a 
generally fixed sequence thus creating a hierarchy 
of selections. Figure 4 shows the steps contained in 
the design decisions. These include selecting a set 
of promising and feasible design alternatives, sizing 
the members in the alternatives, and comparing the 
alternatives to select a preliminary design. A 
structural analysis step is shown to emphasize that 
analysis may play a role in the design decisions. 

Selecting a set of promising and feasible design 
alternatives requires heuristic knowledge. Rules of 
thumb, rules of good judgment, and rules of plausible 
reasoning govern decisions about appropriate selec
tions. Typical rules include decisions to choose be
tween steel or prestressed concretei among a compact, 
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Design 
Decisions 

Select 
De sign Alternatives 

Sizing 
Of Design Alternatives 

Preliminary Design 

!structural Analysis 

FIG URE 4 Design 
decisions. 

noncompact, or stiffened web; or between a constant 
or built-up flange section. Some rules may be docu
mented and practically universally used. However, 
many rules comprise the knowledge that the bridge 
designer has gained with experience. 

Sizing the members of the design alternatives is 
another step that requires heuristic knowledge. In 
this step rules of good guessing are used to design 
members of the design. Typical rules include rules 
for selecting girder depths and spacings, web and 
flange dimensions, and slab thickness. 

Comparing the design alternatives to select a 
preliminary design is also governed by rules. It 
should be clear that one rule used in this step is 
to select the ''best deaign. 11 However, the best dc~ign 
selected by one designer may not be the best design 
selected by another. The reason is that designers 
use many different rules to quantitate the affects 
of aesthetics, environmental concerns, and local 
economics. 

The next step in the design process is to struc
turally analyze the selected design alternatives. 
The analysis uses mostly factual knowledge regarding 
common and documented procedures to find the 
stresses, deflections, and so forth. 

INFERENCE AND CONTROL IN BRIDGE DESIGN 

Heuristic knowledge is easily cast into a form of 
if-then rules that implies a modus ponens inference 
strategy (l_,2). This strategy uses logical if-then 
rules to draw inferences and hence make decisions. 
For example, in BDES a typical inference can be made 
to select a potential superstructure type using the 
following rule: 

If: Span length is less than 80 ft, 
Then: Consider a rolled beam. 

Note that the rule only infers considering a rolled 
beam, it does not use a rolled beam. This example 
illustrates a few key points. First, many conditions 
may have to be true in order for a certain decision 
to be reached. For example, conditions other than 
the fact that the span length is less than 80 ft will 
have to occur before a rolled beam becomes the 
selected design. Second, a rule drawing an inference 
does not have to dictate a decisive action; it may 
instead prompt a tentative decision. Eventually, with 
enough rules, a final decision can be reached. Al
though not evident in this example, it should be 
pointed out that the decisions reached by rules may 
themselves be conditions for new rules. 

Transportation Research Record 1072 

The control strategy must now be selected to pro
cess the rules in such a fashion as to eventually 
produce a final design. A breadth-first search using 
forward chaining appears to be most appropriate for 
a design problem. The large number of possible out
comes (final designs) favors the forward chaining 
process. The selection of the design types, char
acteristics, and sizes proceeds in a systematic order 
thus prompting the need for a breadth-first strategy. 

Figure 3 shows the advantages of using a breadth
first search. Breaking a design into a hierarchy of 
design characteristics allows rules pertaining to 
each characteristic to be grouped. A group of rules 
can then be examined to select a particular design 
characteristic at each level in the hierarchy. After 
all characteristics have been examined, a design al
ternative has been found. 

BRIDGE DESIGN EXPERT SYSTEM 

BOES designs superstructures of short to medium 8pan. 
The potential designs comprise practically all de
signs normally used today. Possibilities may include 
structural steel or prestressed concrete with either 
simple or continuous spans. 

BOES is highly user interactive with graphic capa
bilities to aid in input and output. The system re
quires the bridge geometry as minimal input. However, 
the user may intervene at each step of the design 
process to alter assumed facts. Graphic displays 
guide the user in inputting geometry. Graphic output 
disp lay s various cross sections to illustrate clearly 
the designs generated by BDES. 

BOES requires the bridge geometry as discussed 
previously. Figure 5 shows a graphic output of the 
bridge geometry: The geometry input is flexible in 
that it allows the user a choice between entering 
the width or the number of lanes. The system will 
suggest a width using assumed values of shoulder, 
mPdian, railing, and lanP widthR, 

The reason for constructing the bridge, bridge 
function, is another input to the system. Bridge 
function dictates vertical clearance requirements. 
For example, in North Carolina the clearance must be 
from 16 ft 6 in. to 17 ft 0 in. for bridges crossing 
over Interstate highways (10). 

The environment may affect the selection of 
materials. For example, North Carolina suggests using 
ASTM A588 unpainted steel except in highly corrosive 
environments (11). Thus BOES reqllires information 
regarding the environment. 

Assumptions regarding materials, loading, design 
method, and other constraints and criteria are in
corporated in BDES. However, assumptions may be 
changed by the user to allow for maximum flexibility. 
A typical assumption might include an AASHTO HS 20-
44 loading. Only one method of design, load factor, 
is used in BDES. 

BOES now begins making design decisions using the 
rules. A set of design alternatives is generated 
first. More than one alternative is usually generated 
because not enough knowledge is known at this point 
in the design process. For example, it may not be 
clear whether a rolled beam or an AASHTO-PCI pre
stressed concrete girder is the best design for a 
simple span length of 60 ft. Alternatives may be 
similar except for one particular characteristic, 
such as a plate girder with and without transverse 
stiffners. In BDES each is considered a separate al
ternative. However, there is enough knowledge to 
guarantee that only a small number of alternatives 
will be generated. 

The next step in BOES is to size the members for 
each alternative in the set just created. The main 
structural members are sized along with the slab 
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Span Dimensions 
Four-Span Bridge 
325.00 ft 

• • 
. . 

64.00 \, . 
41 degrees 

" ... 

95 

325.00 ft 

Interstate Highway 

FIG URE 5 Bridge geometry. 

thickness (all designs assumed a reinforced concrete 
deck). The spacing of the members is also generated. 
Rules are used to make good guesses of the member 
dimensions. This process proceeds in a systematic 
order using breadth-first search strategy similar to 
the process for determining the set of design alter
natives. The hierarchical design is required because 
sizing some dimensions depends on other dimensions. 
For example, the web depth is found first with a rule 
that uses the span length. Then the web thickness is 
found with a rule using the web depth as a condi
tion. Specifically, in the design of a compact plate 
girder the web thickness will be limited by AASHTO 
code requirement 10.48.l(b) (~). This requirement 
specifies the maximum depth-to-thickness ratio al
lowed for a compact section. 

BDES must now select one of the design alterna
tives. The selected design alternative is governed 

125 

by the "least weight" design. The "weight" of a de
sign alternative includes the material weight plus 
"equivalent weights" to account for the differences 
in fabrication or construction costs, or both. Ma
terial weights are obviously easily calculated. 
Equivalent weights are found by equating x number of 
pounds of material to unit values of different design 
parameters. For example, BDES assumes 700 lb of steel 
for each field splice (!l>• The user may input sev
eral different equivalent weight conversions: the 
user might equate x number of pounds of steel per 
linear foot of weld. 

BDES now selects the least weight design and 
verifies its adequacy by structural analysis. The 
analysis checks for all AASHTO code requirements. 
Included in BDES are also requirements dictated by 
North Carolina (11). 

Figure 6 show;-the design recommendation generated 

Superstructure Characteristics 

Material Girder Span 
Type Type Type Length Web Flange Depth 

Struc-
tural Plate Simple Com- Built- Con-
Steel Girder Soan 2 125 ft oact Up stant 

Preliminary Design Data 

Girder No. of Top Flange Web Bottom Flange 
Spacing Girders Plate Plate Plate 

Width Thickness Depth Thickness Width Thickness 

11 3/4 16 3/11 
12.50 ft 5 in. 1 1/8 in. 60 in. 1 1I16 in. in. 1 1/8 in. 

Flange Build-Up 

Bottom Flange Top Flange 
Width Thickness Length Width Thickness Length 

11 3/4 11 3/4 
in. 1/2 in. 56.3 ft in. 1/2 in. 56.3 ft 

FIG URE 6 Preliminary design alternative. 
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Top Flange 
Plate, 1 1/8 in. 
by 11 3/4 in. 

End Span Mid-Span 
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Top Flange 
Plate, 1 5/8 in. 
by 11 3/4 in. 

Plate Girder 
Simple-Span 
Design 

Web Plate 
1 1/16 in. 
by 60 in. 

Bottom Flange 
Plate, 1 1/8 in. 
by 16 3/16 in. 

FIGURE 7 Girder cross section. 

Web 
Compact 

by BOES corresponaing to t:ne geometry displayed in 
Figure 5. Figure 7 shows a typical graphic output of 
the girder cross sections for this design. 

If the recommended design satisfies all require
ments, BDES will advise the user that the design is 
usable. If the design does not meet required speci
fications, BDES will let the user know why the design 
was not acceptable. However, at this time BDES does 
not redesign. The next phase in developing BDES would 
thus be to incorporate redesign rules. 

CONCLUSION 

Great potential exists for the use of expert systems 
it1 design probleir1s. The bridge Uesign exper L syst~m 
developed, BDES, has certainly shown this potential. 
BDES has demonstrated that expert systems are well 
suited for "ill-structured" problems. Capturing the 
knowledge of the bridge designer und integruting it 
with a workable inference procedure has resulted in 
a system capable of making intelligent design deci
sions. 
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Evaluation of Steel Bridges Using In-Service Testing 
MICHEL GHOSN, FRED MOSES, and JOHN GOBIESKI 

ABSTRACT 

Highway bridges often exhibit higher strengths than indicated by AASHTO rating 
procedures. This is because the code is inherently conservative and is intended 
to be applied to general situations. A more appropriate approach is to incorporate 
field observations in the rating process. A field measurements (weigh-in-motion) 
system is capable of providing all pertinent data on the loading and response of 
highway bridges. The data collected include measured stresses and girder distri
bution factors in addition to truck weights and volumes. The data are then in
corporated in a working stress design rating or in a reliability-based safety 
evaluation of bridge members. Results from an example site indicate high safety 
levels despite the large numbers of permit vehicles allowed. 

More than 100,000 bridges in the United States are 
reported to be structurally deficient (!l. Many of 
these bridges, however, were designed and constructed 
in a manner that achieved greater strength than is 
recognized in conventional code rating provisions. 
Current evaluation and rating investigations empha
size bridge condition and member dimensions. Inspec
tion methods rarely determine bridge loads or member 
performance under loading. Developments in weigh-in
motion technology, however, make it feasible to in
vestigate existing bridges and provide more accurate 
site-specific load and response data for the evalua
tion process. 

Bridge rating is a continuous and vital activity 
for most bridge bureaus. Safety and economic deci
sions must be made about each bridge: repair, re
habilitate, post, allow permits, close, or replace. 
Existing regulations prescribe inspection techniques 
and guidelines for evaluation. Field inspection es
tablishes member properties, deterioration, and di
mensions of load-carrying members and connections. 
Evaluation calculations generally follow AASHTO pro
cedures (~). These are similar to the bridge design 
guidelines and specify loads, analysis (girder dis
tribution), impact (dynamic amplification), and al
lowable stresses (3). The factors in the AASHTO de
sign manual are ne~ssarily conservative because they 
must apply to a variety of situations. Obviously, a 
specific bridge will have performance factors that 
are different from the ones cited in the code. For 
new construction, the additional cost associated with 
using conservative performance predictions is usually 
slight because adding capacity for new bridges will 
increase the overall construction cost by only a 
small amount. For in-service bridges, however, the 
cost of either adding capacity to the existing bridge 
or penalizing users with low posting or permit levels 
can be high. 

The AASHTO bridge inspection manual, however, does 
permit wide latitude in selecting checking parameters 
if more data are available. There has been limited 
use of this flexibility in modifying evaluation 
1,arameters because the guidelines for incorporating 
any new data into the evaluation calculations are 
vague. 

M.Ghosn, Department of Civil Engineering, The City 
College of New York, New York, N.Y. 10031. F. Moses 
and J. Gobieski, Department of Civil Engineering, 
Case Western Reserve University, Cleveland, Ohio 
44106. 

The objective of this paper is to provide a pro
cedure that uses field measurements in connection 
with weigh-in-motion technology to assist in bridge 
evaluation and rating. Data were recorded on truck 
loads, dynamic impacts, girder distributions, and 
member stresses. These data are incorporated in an 
improved deterministic rating analysis and a proposed 
probabilistic approach for the evaluation of existing 
steel bridges. 

EVALUATION PROCEDURES 

Most states and bridge bureaus use rating procedures 
lha t generally follow AASHTO' s guidelines. For ex
ample, the method followed by the Ohio Department of 
Transportation calculates the maximum moment at 
various points on the bridge due to a number of 
typical heavy trucks. This moment is multiplied by 
the impact factor for the location under considera
tion and the girder distribution factor, which de
pends on the bridge type and the girder spacings. 

Usually, the available capacity for live load 
(member capacity minus dead load effect) is obtained 
by using the higher permitted operating stresses to 
reflect the uncertainties in strength and load asso
ciated with the rating period (usually 2 years) that 
are smaller than those associated with the design 
period. 

Absent from the rating evaluation is any use of 
site-specific load and response information although 
it is obtainable by observing performance of an 
existing bridge. It should be noted that the AASHTO 
Maintenance and Inspection Manual (_~) does allow 
considerable flexibility. For example, it states: "A 
higher safety factor for a bridge carrying a large 
volume of traffic may be desirable." Further, "impact 
may depend on deck roughness or approach." The manual 
also mentions consideration of the probability of 
closely spaced heavy trucks. These guidelines, how
ever, are rarely used because the acquisition of 
relevant load data has, until recently, been diffi
cult. Instead, most rating is done with prescribed 
factors that govern all bridges equally. For example, 
the same allowable stresses and nominal loading are 
used for heavily traveled Interstates and for rural 
roads with little traffic. 

The following considerations, compared with the 
parameters in the AASHTO manual, may govern the true 
loading and response situation. 

1. The girder distribution factor in AASHTO is 
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generally conservative although the margin on the 
safe side can vary considerably. It may depend on 
lane position relative to girder and curb locations 
and relative lateral, torsional, and longitudinal 
stiffnesses. Much research on predicting wheel load 
distributions is under way, but the scatter in 
analysis is always greater than what could be ob
tained for an existing bridge by direct measurements. 

2. The impact allowance specified in AASHTO is 
usually higher than that obtained by testing. More
over, the observed value is often a function of 
maintenance (bump or roughness) rather than span 
length as given in AASHTO. 

3. Truck traffic and weight distribution will 
vary considerably from site to site. These parameters 
affect the likelihood of occurrence of extreme com
binations of truck overloads. For example, the prob
ability of occurrence of very heavy and closely 
spaced vehicles is affected by the truck weight dis
tribution, volume, percentage of side-by-side occur
rences, and inspection interval. 

The most direct way to consider these observations 
in the rating process is by using field strain mea
surements to determine girder distribution and impact 
factors. The values that are presented by AASHTO are 
by nature conservative and intended to fit a variety 
of situations. For a specific bridge the field data 
will obviously give more exact values. 

The approach proposed in this section is simply 
to modify the AASHTO design girder distribution and 
impact factors and substitute the field-measured 
values. In general, this approach will change the 
live load stresses by about 30 percent for the dis
tributions and about 15 percent for the impact. (Ex
amples will be given later.) 

According to the maintenance manual, the safety 
factors should be increased if the site contains a 
large volume of vehicles or many heavily loaded 
trucks. These traffic-related variables are addressed 
in the subsequent section in which structural reli
ability techniques are used in assessing the safety 
of bridge members. 

SAFETY ANALYSIS 

Bridge safety compares loading demand on the compo
nent and strength capacity. Safety factors are needed 
to account for the possibility of overloads; inac
curacies in calcula t ion of load effects; and vari
ability of material properties, fabrication, and 
other tolerances. Modern safety theory has as a goal 
the quantification of uncertainties and the applica
tion of design factors that produce structures with 
uniformly consistent reliabilities. For new bridges, 
the safety factors reflect the long-term dis tr ibu
t.i.ons of maximum load and deterioration of member 
strengths. For rating bridges, the safety factor can 
be lower because the exposure period is shorter, 
knowledge of loading is more precise, and member 
deterioration can be revealed by inspection and cor
rected. 

The basic reliability model is used to examine 

the safety margin (~) : 

g = R - S (1) 

where 

g safety margin; 
H member strength capacity; and 
S load effect on the member; S includes the dead 

(D) anu live (truck) loads (L): 

D + L (2) 
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The component is safe as long as the safety margin 
( g) is positive. A convenient measure of safety is 
the reliability or safety index (B). This includes 
the mean value of g and its uncertainty as expressed 
by its standard deviation (ag): 

= g/ag (3) 

The standard deviation of g for a simple case is 
obtained from the expression for a sum: 

2 2 2 2 

ag = aR + an + aL ( 4) 

where aR, an, an6 aL are the respective standard de
viations of R, D, and L. In the bridge rating ex
ample, aR will depeno on the variability of 
material properties as well as the estimation of 
scatter in material deterioration. an depends on 
the dead weight including estimations of overlays: 
and aL depends on truck weight parameters, vol
ume; girder distribution; and dynamic amplifications= 

A model presented previously for calculating 
safety indices is briefly reviewed here !2). The 
maximum live load effect (L) at a position along a 
bridge is expressed as 

L = a m W* H g I (5) 

where 

a = constant based on span length and configura
tion of design vehicle; 

m variable that reflects the randomness in the 
axle configurations of representative random 
truck traffic; 

W* variable that corresponds to the ~.-:eight of 
the upper 5 percent of the gross weight his 
togram; this magnitude, which is typically in 
the 60- to 80-kip range, was found to ade
quately represent the severity of truck 
weights at a site; 

H multiple presence or headway variable to re
flect the ratio of maximum moment to a load 
caused by a design weight equal to W*; 

L live load effect including all loaded lanes; 
L includes the likelihood of side-by-side oc
currences or multiple presence on the bridge 
and the extreme tail of the weight histogram; 

g girder distribution factor; and 
I impact factor. 

The values of the means and standard deviations 
of all the random variables listed can be obtained 
from observations of the capacity of the bridge mem
bers and the traffic crossing the bridge as will be 
illustrated in a later section. 

WEIGH-IN-MOTION SYSTEM 

The data needed for the examples in this paper were 
obtained using the weigh-in-motion (WIM) system de
veloped at Case Western Reserve University under the 
sponsorship of the Ohio Department of Transportation 
and the Federal Highway Administration (.§_,2). The 
system uses existing bridges as equivalent static 
scales to obtain unbiased truck gross and axle 
weights, classification, dimensions, and speed. For 
the purpose of this study, the WIM system provided 
the following information on the vehicle traffic on 
the instrumented bridge: 

1. A total count of the vehicles that cross the 
bridge; 

2. The lane traveled by each vehicle; 
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3. The time of arr iv al of each vehicle on the 
bridge; 

4. The speed of each vehicle; 
5. The truck type, found from the axle config-

uration of vehicles heavier than 10 kips; 
6. The spacings between the axles of each truck; 
7. The weights of the trucks' axles; and 
8. The trucks' gross weights. 

In a second step, information on the behavior of the 
bridge members is obtained by observing 

1. The stresses at the gauge locations, 
2. The girder distribution factors, and 
3. The dynamic amplifications of the strain rec

ords. 

This information is assembled in histograms and the 
means and standard deviations of the variables are 
calculated and used as illustrated in the examples 
given in the next sections. 

RATING EXAMPLE 

Five sites were instrumented to illustrate this 
study. All five bridges had parallel steel girders 
and gave fairly typical representation of bridges in 
Ohio in terms of design (both composite and noncom
posite bridges were instrumented) and truck traffic 
composition (posted bridges and bridges with high 
permit loads were evaluated). In this section, the 
results for one site are presented; the results for 
the other sites are given elsewhere (8). This bridge 
on I-475 in Lucas County was chosen because of the 
large number of heavy special vehicles that crosses 
it. The layout of the six-girder 176-ft bridge is 
shown in Figure 1. The bridge was overdesigned ac
cording to AASHTO specifications and was allowed high 
levels of permit trucks. 

Truck 'l'raffic 

More than 600 trucks were observed during the 4 hr 
of continuous data acquisition. Seventy-six percent 

Traffic 

... ~ : ..... 2° skew 
: 1 
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of these trucks were in the right lane. The number 
of side-by-side occurrences is an important factor 
in determining the maximum expected load on a site. 
For the purposes of this study, all trucks that run 
over the bridge within 0,5 sec of each other in the 
two lanes are considered to constitute one side-by
s ide occurrence. It was observed that 0.7 percent of 
the trucks were in the left lane following, within 
0.5 sec, a leading truck in the right lane. Also, 
0.3 percent of the trucks were in the right lane 
within 0.5 sec of a leading truck in the left lane. 
This indicates that about 1 percent of all truck oc
currences are side-by-side events. This value is 
consistent with measurements at other sites (8). The 
truck gross weight histogram for this site ii shown 
in Figure 2. The mean of the loaded semitrailer 
trucks (heavier than 20 kips) is 45 kips. The 95th 
percentile weight (W*) is 78 kips, which indicates a 
relatively high loading distribution compared with 
other sites in Ohio. The 95th percentile weight ex
cluding permit trucks is 74 kips. 

Measured Stresses 

Part of the WIM operation consists of a "calibration" 
phase during which the strain record of a "test" 
truck of known weight is recorded. The 29-kip truck 
used on this bridge produced a maximum stress of 1.12 
ksi on the third girder when the truck traveled in 
the right lane. The stresses were measured on the 
first span at a location corresponding to the lowest 
rating value as determined by the standard AASHTO 
procedures. The stresses on each girder from several 
other truck crossings in different lateral positions 
are given in Table 1. Table 2 gives the measured 
stresses due to the heaviest trucks recorded at this 
site. It can be observed that the maximum single 
girder stress is 3.40 ksi, which was caused by a 
136.7-kip truck with five axles. 

Girder Distribution 

Random traffic with a minimum gross weight of 20 kips 
was used to determine girder distributions for each 
lane (Table 3). The distribution factors for side-

i~'----------.... ~~3-6~W--1_5_o ______ .,... ___________________ 36 __ W __ l_9_4 ______________ "T"" __________ 3_6_W __ l~S~O'"----------, 

20.6' 

51. 5' 73' 51. 5' 

• Gage location 

6 girders@ 7'11" spacing 

FIGURE I Layout of 1-475 site. 
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FIGURE 2 Truck weight histogram. 

TABLE 1 Test Truck Stresses 

Stress (ksi) at Girder 

Record Location 3 4 j 6 

2 Right lane 0. 30 0.78 1.10 0.69 0.54 0.13 
ll l<1ght lane U.ll u:1~ 1.1'2 0:1 0 0.47 0.10 
12 Right lane 0.22 0.71 1.03 0.68 0.49 0.21 
13 Left lane 0.07 0.27 0.44 0.82 0.9 3 0. 57 
14 Left lane 0.02 0.20 0.37 0.75 0.93 0.57 
15 Left lane 0.12 0.33 a.so 0.87 0.98 0.57 

Note: Test truck wei~ht = 29 kips. 

by-side occurrences are found by sununing i:ne average 
distributions (plus one standard deviation) from each 
girder for both lanes. The most heavily loaded girder 
was determined to be the fourth girder with a dis
tribution factor of 54 percent of a single lane load. 
The calculation is executed as follows: 

21 percent (distribution of Lane 1) + 3 percent 
(standard deviation Lane 1) + 28 percent 
(distribution of Lane 2) + 2 percent 
(standard deviation Lane 2). 

TABLE 2 Random Heavy Truck Stresses 

Stresses (ksi) 

Weight Moment Noncom- Noncom-
(kips (kip-rt) Axles Measured Composite3 po site" positeb 

136.7 707 5 3.40 12. 14 7.70 3.32 
141.4 568 II 2.17 9.75 6.19 2.66 
141.9 623 II 2.39 10. 69 6.78 2.92 
138.3 513 II 2.40 8.82 5.5 9 2.41 
106.l 496 6 2.17 8.5 l 5.40 2.32 
103.8 562 6 2.07 9.65 6. 12 2.63 

aUsi ng AASHTO distribution factor. 
busing average measured distributi on factor (31 percent). 
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100 125 

TABLE 3 Girder Distributions (%) 

Girder 

3 

Lane I 
Average" 7 23 3 1 
COY 3 3 4 

Lane 2 
Average a 2 7 ll 
COY -1. -~ .l.. 

Total 14 35 49 

Note: COY= coefficient of variation . 

4 

21 
3 

28 

-~ 
54b 

weight 
(kips) 

6 

14 4 
3 3 

33 19 

..l. ..1 
53 29 

0 Avcrag:e of random vehicles with weights greater than 20 kips. 
bMaximum distribution factor. 

The 49 percent distribution and the 54 percent dis
tribution used herein compare favorably with the ap
plicable AASHTO value of 72 percent [7.92/ (2 x 5.5)]. 

The standard deviation is added to the average 
distribution of each lane to account for possible 
situations in which the girder under consideration 
supports a higher than average percentage of the 
total load. The 54 percent distribution factor is an 
extrapolated value that would exist if two identical 
vehicles were exactly side by side. 

Dynamic I mpact 

The dynamic responses for the test truck and heaviest 
vehicles were estimated from the response strain 
record. These are generally under 10 percent and are 
significantly less than the 28 percent prescribed by 
AASHTO (Figure 3). The one exception noted to the 10 
percent value is a 106.2-kip vehicle with six axles 
that had a dynamic response of 15.4 percent. The dy
namic response for the I-475 bridge was taken as 10 
percent for the rating calculations. 
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Peak 
Re1pon1e 

Dynamic 
01cillation 

FIGURE 3 Example strain 
record. 

Computed Stresses 

The maximum measured stresses were compared with 
calculated stresses from the influence curve for 
selected heavy trucks (Table 2). The results confirm 
that the bridge provided a large composite action 
even though it was designed as a noncomposite bridge. 
For example, the 136.7-kip, five-axle truck produced 
a measured maximum single girder stress of 3.40 ksi. 
This value compares with a calculated stress of 12.14 
ksi assuming noncomposite action and 7.70 ksi assum
ing composite action and using AASHTO's girder dis
tribution factor. If the average measured girder 
distribution factor (31 percent) for Lane 1 is used, 
the girder stress assuming composite action is 3.32 
ksi. Similar differences between maximum measured 
stresses and computed stresses have appeared in all 
the noncomposite design sites surveyed. It should be 
noted that, in all cases observed, the top flanges of 
the steel girders were partly encased in the deck, 
which provides shear transfer. 

CONCLUSIONS--SITE 4 

1. Measured 
selected heavy 

stresses for the 
trucks are lower 

test truck and 
than calculated 

stresses because of composite action, lower impact, 
and lower girder distribution factors than prescribed 
in AASHTO's specifications. 

2. Using the measured values for 
girder distribution increases the rating 
comparison with those in ODOT's rating 
example, using operating stresses of 

impact and 
factors in 

report. For 
27 ksi and 
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looking at the middle point of the center span, a 
rating factor of 1.94 is calculated using field mea
surements. This value compares with 1. 28 calculated 
using AASHTO's impact and girder factors. In both of 
these calculations noncomposite sections are assumed. 
Table 4 gives a comparison of the rating factors as 
given in ODOT's report and the rating factors ob
tained when field measurements are used. 

TABLE 4 Comparison of Rating Factors 
for Five Sites 

Site 

l 
2 
3 
4 
5 

Rating Factor 

AASHTO 

1.42 
1.59 
1.57 
1.28 
2.34 

Field Measurements 

1.75 
J.50 
2.06 
1.94 
3.46 

Note: Noncomposite action assumed except for Site 5, 

3. It should be noted that Site 4 had extremely 
heavy vehicle traffic compared with other sites ob
served in Ohio. Thus consideration should be given 
to raising the load factor to account for additional 
uncertainty in maximum loading. This factor and re
liability-based procedures to account for load un
certainty are discussed in the next section. 

SAFETY LEVEL FOR RATING 

Measured data are available for calculating the un
certainties of the random variables discussed ear
lier. As an illustration of the procedure that can 
be used to evaluate the safety of an existing bridge 
(rating), the information collected at the Lucas 
1-475 bridge is used in the following example. 

First, a deterioration factor is introduced as a 
random variable to reflect uncertainty about losses 
of girder section over the years. The deterioration 
factor (Det) expresses the percentage of the original 
section still capable of carrying load; a factor of 
1. 0 implies that no section loss was detected for 
the bridge's girders. This Det factor is also ex
pressed with some uncertainty. Because the rating 
report for the I-475 structure did not indicate any 
deterioration in the steel members, a Det factor of 
1. 0 is used for the mean of this variable, and a 
standard deviation equal to 5 percent of the mean 
[coefficient of variation (COV) = 5 percent] is as
sociated with Det to model the uncertainty in the 
evaluation procedure. The term R in Equation 1 is 
then replaced by Det x R where R is the original re
sistance of a member as provided by the plans. The 
nominal value of R as calculated from the site plans 
for a girder in the middle span is equal to 1,990.5 
kip-ft. Coupon tests on rolled beam members, however, 
show that the average stress capacity of A36 steel 
is closer to 40 ksi not 36 ksi, which suggests that 
the mean member capacity of a girder at the midspan 
of the bridge is really 2,212 kip-ft, the value used 
in this example. A COV of 8 percent is associated 
with R to reflect uncertainty in the steel yield 
stress, section dimension, and so forth. 

The dead load (D) in Equation 2 was estimated by 
the bridge engineers to be 316.9 kip-ft. A COV of 5 
percent is herein associated with D to reflect the 
level of confidence of this estimate. In reality, 
this COV should be based on the level of effort made 
to estimate the existing dead loads acting within 
the structure. 
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The I-475 site is a "special" route for extremely 
heavy permit vehicles; three different cases of 
maximum expected live loads are considered: 

1. Random vehicle occurrences, 
2. Combinations of random vehicles and permit 

trucks, and 
3. Combinations of permit trucks only. 

Random Vehicle Occurrences 

The expression of Equation 5 is used to predict the 
maximum expected load due to random vehicles: 

"a" is a factor that gives the moment effect of 
the design vehicle at the point being analyzed. For 
the midspan, the semitrailer vehicle or Rating Ve
hicle b (Figure 4) controls the design and is used 
to calculate "a." This "a" factor is known precisely 
and has no uncertainties associated with it. "a" is 
calculated for a truck of one unit load and thus is 
a reflection of the axle spacings and axle weight 
distributions of Truck b rather than of its total 
weight. 

"m" represents the variation between the effect 
of random trucks and the effect of the rating 
vehicles specified in the analysis. From the truck 
data collected at this site, it was found that "m" 
at the midpoint of the middle span has a mean of 0.94 
and a COV of 14 percent. This means that, on the 
average, the rating vehicle overestimates the effect 
of the random vehicles that crossed the bridge by 6 
percent. 

W* is a characteristic weight calculated from the 
gross weight histogram of the semitrailers collected 
at this site. W* is calculated so that it gives the 
upper •.-:eight limit cf 95 percent of the trucks 
counted. A value of 7 4 kips was measured when the 
permit loads were excluded and it is associated with 

r n 
15' 4' 

{a) 

j 
9.5' 

r u 
11' 4 ' 22 ' 4' 

(b) 

I l 1 l 11 
15' 4 I 15. 16 1 4' 

(c) 

FIGURE 4 Examples of special vehicle configurations. 
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a COV of 5 percent. The latter uncertainty is based 
on comparison with similar sites and also reflects 
the limited test period (4 hr of data). 

H reflects the effect of multiple occurrences and 
is calculated using simulation techniques (.§_). The 
H-value calculated for this site is 3.14 with a 
modeling uncertainty or COV of 10 percent. This value 
of H corresponds to an expected maximum occurrence 
of 232 kips (3.14 x 74) on the bridge at one time 
during the 2-year period. The 10 percent uncertainty 
implies that there is a 5 percent chance that this 
weight might actually exceed 279 kips. 

For the girder distribution factor (g) for this 
site, the fourth girder counting from the extreme 
girder of the main lane is the most critical member. 
From the field measurements, it was found that, on 
the average, this member carries 24 percent of the 
total load (49 percent of one lane load) on the 
bridge with a COV of 7.5 percent. 

From the strain traces of random heavy vehicles 
it was found that the maximum total effect (static + 
dynamic) of the impact factor (I) for this site is 
on the average 1.06 times the static effect with a 
COV of 8 percent. 

The means and standard deviations of the random 
variables used in this example are given in Table 5. 
The safety index (Equation 3) calculated for this 
site under random vehicle crossings is 6.96, which 
indicates an extremely high safety level. The failure 
function used in these calculations is 

g = Det R - D - a m W* H g I (6) 

Typically, new design codes such as those of On
tario (2_) or the American Institute of Steel Con
struction are calibrated to achieve lifetime safety 
indices on the order of from 3. 0 to 3. 5. The high 
safety factor calculated in this example is not sur
prising considering that the bridge has a rating 

1 1 l!l 11 ll! 
4' 9' 3.5' 3.5 ' 6' 3.5 ' 5 ' 3.5' 3.5' 

(d) 

(a), (b), (c) AASllTO Rating Vehicles 

(d) 3U77 Special Vehicle 
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TABLE 5 Summary of Input Data 
for the Safely Evaluation 

Variable Mean COY(%) 

R 2,2 JO kip-ft 8 
Det 1.0 5 
D 3 16.9 kip-ft 5 
W* 74 kips 5 
H 3.14 JO 
Ill 0.94 14 
g 0.24 7.5 
I 1.06 8 
O' 1.2 I JO 
ch 1.03 5 
p J ,020 kips 5 

factor of 1.28 based on AASHTO's working stress de
sign method. 

Combinations of Random Vehicles and 
Permit Trucks 

Because of the large number of permit vehicles at 
this site, the possibility of a permit vehicle 
alongside a heavy random truck is likely to control 
safety. The method by which this possible combination 
is considered in the safety analysis is detailed 
elsewhere (~). Det, R, D, W*, g, I, m, and a factors 
are calculated as previously described. Because in 
this situation one of the side-by-side vehicles is 
known, H is replaced by an " factor that describes 
the overload due to a random vehicle in only one 
lane. 

For this site, assuming 10,000 permit vehicles in 
2 years, a was found to be equal to 1.21 and is asso
ciated with a COV of 10 percent to reflect uncer
tainties in the modeling of the live load and limi
tations in available site data. The failure equation 
or safety margin (g) now takes the following form: 

g = Det R - D - (a m W* () + P) ch g I (7) 

where 

" lane overload factor, 
P weight effect of a permit vehicle, and 

Ch headway correction factor for vehicles 
ahead of and behind the permit truck in the 
random vehicle combination. 

The other factors are as defined earlier. The values 
of the means and standard deviations used in the 
safety index calculations are given in Table 5. _ 

P at this site is due to the effect at the middle 
point of the midspan of a 150-kip permit vehicle with 
the axle configuration shown in Figure 4. It is as
sociated with a COV of 5 percent to model the possi
bility that some of the permit vehicles may have 
slightly different axle weight distributions or axl e 
configurations. A Ch of l.03 with a COV of 5 per
cent is obtained from Moses and Ghosn <il· The safety 
index calculated using the information for this site 
is 8.42. This is even higher than the 6.96 calculated 
for random vehicle occurrences because some of the 
random vehicles showed gross weights as high as the 
permit weight and axle configurations that produced 
higher moment effects. 

Combinations of Permit Trucks 

Because of the large number of permit vehicles at 
this site, this possible combination should be con
sidered in the safety evaluation of this bridge. The 
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method used here first calculates the safety index 
of a bridge member, given the occurrence of this 
combination, then modifies this safety index to in
clude the probability of such an occurrence. The 
latter probability depends on the number of permits 
issued, which is assumed to be 10,000 a year for this 
example (8) : The safety index for the fourth member 
at the middle point of the middle span· of this bridge 
is calculated using the safety margin equation: 

g = Det R - D - 2 P Ch g I (8) 

Equation 8 is similar to previous safety margin 
models (Equations 6 and 7) with the exception that 
the live load is due to the effect of two permit 
loads represented here by the term 2 P. A safety in
dex of 7. 26 is calculated for this condition. The 
safety index is conditional on an actual occurrence 
of two permit loads side by side. Given that 10,000 
permit crossings are expected in 2 years, with l 
percent of these crossings occurring side by side, 
and that 2.9 million crossings (4,000 per day) of 
random trucks are expected in the 2-year rating 
period, the probability of having two permit vehicles 
side by side is calculated to be 30 percent. Combin
ing this probability with the conditional safety in
dex of 7.26 yields a final safety index of 7.42. 

Combining the safety indices for the random-ran
dom, random-permit, and permit-permit combinations 
yields an overall safety index of 6.95. This safety 
index, which is much higher than the acceptable range 
of from 3.0 to 3.5, indicates high safety levels. 
This is due to several circumstances including the 
overdesign of the bridge by some 30 percent at some 
locations and the apparent good maintenance (there 
was no member deterioration detected). The well-kept 
pavement preceeding the bridge produced low dynamic 
impacts on the bridge members. All of these factors 
combined increase the level of confidence that a 
bridge rating engineer should have in the safety of 
this bridge. It should be noted, however, that no 
fatigue evaluation is being undertaken here and that 
consideration of fatigue failures might decrease the 
safety level. 

CONCLUSION 

The field data demonstrated the following conclusions 
for the five sites surveyed: 

l. The maximum stresses were significantly below 
values predicted by conventional procedures. The ma
jor reasons for this observation are (a) all sites 
behaved with composite action, though only one had 
been constructed in this manner; (b) additional con
tributions to section modulus may result from over
lays, parapets, curbs, steel in the concrete deck, 
and the like, which are not normally considered in 
analysis; (c) girder distributions are more conser
vative than predicted by AASHTO values; only in the 
case of closely spaced girders (5.5 ft) were the 
AASHTO values exceeded; (d) measured impact values 
are lower than AASHTO's, presumably because the sites 
had relatively smooth surfaces although this was not 
a factor in site selection; and (e) the occurrence 
of extremely heavy trucks in both lanes simultane
ously is rare. 

2. The rating factor computed after incorporating 
the measured data usually exceeded the values ob
tained by conventional rating procedures. 

3. Numerous cases in which truck weights exceeded 
legal loads were observed; however, these did not 
impair overall bridge safety. 

4. Predicted reliability levels for the sites 
studied were high, though only strength, not fatigue, 
was modeled. 
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5. All the bridges studied were redundant multi
girder systems; for this type of bridge a safety in
dex of from 3.0 to 3.5 provides an acceptable level. 
For nonredundant hr idges, the target safety index 
should be much higher. 
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