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Foreword

The papers included in this Record deal with various facets of geotechnical engineering. The
Record should be of use to those interested in the application of technology to highway
transportation and researchers.

The subjects covered by the papers include theoretical calculation of contact stresses in
granulated materials in pavement; effect of soil characteristics on hydrated-lime and portland
cement treatments; use of portable data loggers, time-lapse movie cameras, acoustic emission
devices, analytical photogrammetry techniques, and microcomputer technology in work related
to slope stability and landslides along highways; construction and instrumentation of high
approachment embankments for bridge crossings; determination of ultimate pull-out resistance
of square vertical anchors in saturated clays; design, construction, and other aspects of soil
nailing of retaining structures; experimental and analytical study of the behavior of 45-degree
underreamed footings in a field environment; an alternate method of obtaining California
bearing ratio values and moisture susceptibility of soils; effects of dilatometer penetration on
soil parameters estimated from dilatometer data in sands; in situ test methods that offer
significant promise in evaluation of the properties of stiff soils; and case histories on the
problems and solutions related to blasting and hazardous rock stability conditions along
highways.
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Theory of Use of Granulated Materials in

Road Construction
VALERY A. SEMENOV

The use of granulated materials (especially low-strength mate-
rials) in pavements is limited because such materials undergo
significant breakage during packing and use. The breakage is
mainly due to the extraordinary contact stresses in the parti-
cles of the material, which lead to its fragmentation and the
formation of melkozem (fine earth) and a sharp decrease in the
strength of the material. The method presented here for cal-
culating and controlling the contact stresses in granulated
material is the first attempt at the theoretical calculation of
stresses in a stochastic medium. Using the model for the
stochastic packing of granulated materials proposed by the
author as a starting point, the packing density, the number of
contacts in an arbitrary cross section through the material, the
area of contact between individual particles, and the contact
stresses are calculated. The theory presented in this paper
makes it possible to carry out various theoretical calculations
associated with engineering process control and monitoring of
the strength of material over the service life of a road covering,
and it can also be used for other problems.

Local low-strength materials and industrial by-products are
used for highway construction in many countries. The strength
of these materials averages from 30 to 40 MPa, so they undergo
fragmentation in packing and a large number of fine particles
(up to 22 percent) are formed. The process of particle fragmen-
tation continues over the lifetime of the road. This lowers the
usable lifetime of the pavement to from 5 to 7 years. Stronger
materials (with a strength of from 80 to 140 MPa) are similarly
damaged, but this process proceeds more slowly.

Particle fragmentation is due to the high contact stresses that
arise in the material; reducing these stresses during the packing
process and under exposure to traffic will allow low-strength
materials to be used and their life span in road coverings to be
increased. There are currently no methods of calculating the
contact stresses in complex stochastic media (any real granu-
lated material, such as crushed stone, gravel, sand, soil).

The purpose of this paper is to develop a theoretical model
and engineering methods for calculating stresses in granulated
materials. A stochastic model and theoretical nomograms have
been developed for calculating contact stresses. The proposed
model includes the packing of particles of various sizes and
shapes. The results presented here are based on 5 years of
research carried out by the author at the Vladimir Polytechnical
Institute (Vladimir, USSR).

Department of Civil Engineering, The University of Texas at Austin,
Austin, Tex. 78712. Permanent affiliation: School of Highway and
Agricultural Construction and Highway Department, The Polytechni-
cal Institute of Vladimir Gorky, 87, Vladimir, 600 005 USSR.

THEORETICAL MODEL FOR DETERMINING THE
PACKING DENSITY OF A STOCHASTIC MEDIUM

Packing density may be determined from geometric considera-
tions by averaging the results of a large number of iterations
with respect to random packings composed of individual parti-
cles. The number of iterations is determined by the required
accuracy of calculation and ranges from 100 to 300.

The particle sizes in each iteration are selected randomly
(using the Monte Carlo method, the Korobov algorithm, or a
table of random numbers). The continuous-sorting method may
also be used. The volume packing density (7) is defined as

f v(r) f(r) dr
v,
p=——m =t —— 6y
J V() f(r) dr
where
v = the volume occupied by the particles
of the material in an arbitrary
tetrahedron,
V = the volume of the tetrahedron,
) = the particle size distribution
function,
D = the region in space (ry;, 7 < rpgy
r>0), and

the minimum and maximum sizes of
the particles of material in the
packing.

Ygin and rp =

This formula may be used as long as the following condition
is satisfied:

4L W -+ 2 \/ ¢ 20 @)
g~ 73 RN '2"3

where ry, 1y, r3, and r, are the radii of the particles in the
packing in a given iteration and 7, is the minimum radius. An
analysis of Equation 2 showed that the proposed model can be
used for any highway construction materials or soils. The
volume density (7;,) is determined by using Equation 1 to
average the results of the determination of the density of a
packing consisting of four random radii at each iteration. The
calculation procedure presented hereafter is used to determine
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FIGURE ! Theoretical diagram of
stochastic packing.

the packing density at each iteration. Figure 1 is a diagram that
shows the determination of r;, (where 0,, O,, O,, and O, are
the centers of the particles that are in contact).

The value of O;M, = h; from the triangle 0,0,0;, is deter-
mincd by using Heron’s formula:

$0,0,0, = Nnnrsn + 1y + 1)
At the same time,

(ry + rphs

N —

50,0,0, =

Equating these two expressions gives

. 2‘\jrlr2r3(r1 + ry + 13) 3
? ry o+ ry

To determine |M3M4|, the geometric center of the edge
0,0, is denoted by M; then

|M3M4| = |X3 = X4| (4)

where X; = MM, is the distance between the foot of altitude 4
and Point M, and X, = MM, is the distance from the foot of
altitude £, to Point M. The value of X; can be determined from
triangle 0,0,0, using the Pythagorean theorem:

2
(ry + 1) — B = (’1 ’; 24 X3)

and

2
(ry + r7)2 = hg S (rl 42-r2 + X3)

from which, after a system of two equations is solved, is
obtained
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=i +r
X, =N 2(1 z+,3)
rntrn\ 2

Similarly, the value of X, can be obtained from the triangle
0,0,0,, and

|M3M| - |(-”1 = 1)y — "4)|

can be determined using Equation 4. By the Pythagorean the-
orem, |N04| = hy can be obtained from the triangle O,NO,:

hy =

- NGE + P + 1P — () — 1Py — kP
1 V)

By the cosine theorem, from the triangle M,0,N is obtained
Ky = K + Ky — 2hsh, cos Yy, ©)

where vy, is the dihedral angle with the edge 0,0,. Using
Equation 5, it is found that

Ko+ K- B
2}13’14

€os Yy =

The volume of the tetrahedron 0,0,0,0, can now be
determined:

1 :
V= Eh3h4 sin Y, (ry + 1) )

From Equation 6, it follows that

sinyy = —— \ARKE — 2 + 12 — K
3h4
Hence,
V= %(r1 + r) AR — (2 + B~ K %)

From Expression 3,

hyhy = —4_2_[r1r2 (ri + r)(rs + ryp
(n +r)

= Tafy (r% + rg)] 8)

The following notation is now introduced:

O, = n+nr+r+rn

Oy = nry+ riry + riry + ryra + npry + rany

Oy = nrars + rirgry & rirar, + sy

Oy = nryrary

a = r +n

A = rn

b = rn+n

B = ryy )

Then,



Semenov

hohy = 2AAB(@ + ab + B)
a
K+ B — B = 3 (abA - d'B + 24B) (10)
a

Substituting Equation 10 into Equation 7,

Ve %\/40204 > (11)

The volume (v) occupied by the spherical segments within
the tetrahedron with centers at the Points O; (Figure 1) can now
be determined. Suppose that there is a spherical triangle
(M,M,M5) on a sphere of radius R (i.e., the arcs M\M,, M,M,,
and M, M, are segments of great circles). The angles formed by
the tangents to the arcs will be designated by ¥y, ¥,, and ¥,

(Figure 2).

O4
O3
My
ay °iA 3/
(oh M(;Z Q2

FIGURE 2 Diagram for determining
the volume of solids within the
tetrahedron.

By Gauss’s theorem,

3
SMMM, = R°(Yy + 1 + 13 — T
Hence,

R’
VoM MM, = —3—(71 +th+Hh W

Note that the angle M ;M,M; = Y, = Y5, and so forth. Then

4
173 3) Py 3
v = =(r; )Y — S (12)
Ej 3+ 7 Vi 3
(i.j=1,2,34)

The dihedral angles Y; may be determined by transforming
Equation 6 using the notation of Equation 9 and Equations 10:
v+
2 i i
rirOy — (i) — —73 O3 (13)

COos ’Yu =

2
‘\(r,.rj(r‘- + 1)0,04 + Oy

Equation 13 may be used to obtain all six values of the angles.

The stochastic model that has been developed for the dense
packing of particles of soil and other materials can be used
extensively in highway construction and maintenance. Thus it
is possible to calculate the theoretical density of asphalt con-

3

crete, cement concrete, crushed stone, gravel, and soil. This
makes it possible to substantially improve density norms and
develop an optimal production technology. It is also possible to
use this model to calculate the contact stresses in particles of
material, for which it is necessary to determine the individual
contact area between the particles in the material and the total
number of contacts in a random cross section.

DETERMINATION OF THE AREA OF CONTACT
BETWEEN PARTICLES IN THE MATERIAL

In determining the area of contact, it is assumed that the
particle size distribution is known, and the particles will be
represented by two concentric spheres with radii Ry and R,
given by the minimum and maximum particle radii (Figure 3).
It is assumed that there is some probability [p(x)] for material
to be found within a sphere of radius R;; this probability is
equal to 1 for a sphere with radius R,. Probability p(x) is
obtained from experimental data. It is also assumed that some
interpenetration of spheres is possible, and the amount of
interpenetration is denoted by o (Figure 3).

FIGURE 3 Diagram for
determining the area of contact
between particles.

To determine the area of contact, it will be assumed that the
area is equal to the area formed by rotating line AB about Point
C:

Rysinat
Sup = 2nf Ip, (\}lz + Ril cos? a) dt
0
x = \/12 + R?cosza (14)

Then,



4
Ry
Sup = 2nfxp1(x)dx
R, coso

If two particles of different sizes participate in the contact,
the area of contact will be given by the arithmetic mean of the
areas of contact for each particle:

n

R
8, = %—;Sﬂﬁ =% l fxpl(x)dx + J‘xpz(x)d.rJ (15)

Rycosa rycosfy

The parameters A, B, and a must be expressed in probabilis-
tic form. To do this, the contact between the particles is repre-
sented by graphs of the probabilities p,(x) and p,(x) (Figure 4).

D A1

- ]— S "
o A

FIGURE 4 Diagram for calculating the depth of

interpenetration for the spheres used to model the

particles of material.

It is assumed that the parameter describing the depth to which
the spheres penetrate one another is CD = j. From Figure 4,

AD = rl = t’l_JaIldBD = Rl - tl—j

where 1, _; and 1. ; are the (1 — jth quantiles. It is now found
that a = r; + Ry — (f;; + £,—)), so that Equation 15 takes the
following form:

Ty

Ry
§;== { J‘xpl(x)dx + fxpz(x)dxl

f-j 1-f

(16)

Rewriting Equation 16,

R

Ry
prl(x)dx = fx [1 - Fi(x)]dx

4o, e

’i]i‘ - fx[ff(t)dt}dx

A

& -a) - [ [woaa

(@)

tei-2)- J(e17 oo
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Ry

- et oo

0
Ry
= - ﬁ%;f $ok fﬁf(r)d:
2 2,7
=1
it is found that

’

h-; 0

Rl n
sj=§{ft2f1(t)dt+ fﬂfz(t)dr—j(r%_ﬁri_j)] an

Equation 17 is a general expression for determining the contact
area between particles. Several specific examples will be dis-
cussed next.

Example 1

When both particles have a uniform distribution of radii (Fig-
ure 5), it is found that

L= Ry + (1 — )R, - Ry) = R, — j(R, - Ry)

Then,
i’m
1 140x) = f5(x)
Ri=Rope = = p————— . e
| | 1-j s it |
I [ (.
| | | L ) ' |
0 Ao R 0 Ro t Fq

FIGURE 5§ Diagram for Example 1.

Sj
R2max
1.0 |-
sl /
oR%e

075
0.6 ed /

0.4

0.2

0.0 — = [ | | 1 |
0.2 03 04 05 06 07 0.8 i

FIGURE 6 Nomogram for determining the areas of contact
between particles with a normal distribution of radii.
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Equation 18 was then used to construct a nomogram (Figure 6).
Suppose that R, = 2 cm, Ry = 1 cm, and j = 0.5; then,

5; = %1_‘3‘.(2.1)[3 12-2.05@2- 1] = 1.3 cm2

The surface area of the larger sphere is
S, = 4nR’ = 50.2 cm2
Thus, the relative area of contact is

_ 13100 _

S = “55 - 2.7 percent

Example 2

For the case of normally distributed particle radii, the following
expressions are obtained:

s n((o.s - jti_)e + o {[exp (—tf_j/Z)]

@n)'h
= tl_j(21c)1/2} - Ftl_j) (19)
S+ 87
P 5F J
S; = = (20)
where
SJ' dS;' = the areas of contact for the first and
second particles, respectively;
m = the mathematical expectation value of the
particle radius;
s = the root-mean-square deviation of the
particle radii; and
f4_;
Fy_ =1 _ f 7 exp (—£*/2)dt
em’ J

The quantile #;_; can now be determined by using the following
equation:

X;_ . —m
1 _j=¢ (_1_;__) 1)
2 c
where

o=
G

is the Laplace function. For j = 0.5, the quantile x(;_q 5y = rayg
and the equation becomes much simpler:

12
S5 = TG [g + (13‘) r,,,g] 22)

A nomogram has been constructed from Equation 22 (Figure

7). Suppose that 7,,, = 2 cm, and s = 0.2 cm. Then

Sos = 3.14 - 02 (% +08 2) = 1.07 cm?

which is about 2 percent of the surface area of the larger sphere.

2|

0 I 1 I
0.1 03 05 07 i

FIGURE 7 Nomogram for determining the particle
contact area when the particle radii are normally
distributed.

6

Example 3

For the Weibull distribution of particle radii Weibull’s law may
be written in the form

@) = Ak(x — rmm)k_1 exp [—k(x - rmin)k] (23)

where A and k are the scale and form parameters, respectively.
The quantile x,_; may be calculated from the equations

j= e MOy _j—Tin) 24)
1,1 i
=7r+|=-In -)
1) (x j

By substituting Equation 23 into Equation 17 and rearranging,
it is found that

1 2{k 1 1/k
S; = n(x) Al + ZTCrmin(x) A2 (25)
Rearranging Equation 25,

’ \2
Sj = (Favg = i) A1 + Fin(Pavg — Tmin) A2 (26)



6
where
n -—
F(l + l)
k
2n ~
A = 2
I“(l + 1)
k
kIl
A = F(l + 3) - j(ln-_l-) . ft”" exp(~f)dt
k J
0
Y
A, = F(l + El) - j(lnfl) - ft”" exp(-dt
J
0

and I'(z) is the gamma function.

The final value of the area of contact is given by Equation
20. A nomogram (Figure 8) was constructed using these
equations.

()

=7 1 1
0.1 0.3 0.5 0.7 J
FIGURE 8 Nomogram for calculating the area of contact
between particles that have a Weibull distribution with
variable parameters.

Suppose that

Rws = 2 cm, CVg = 0.10: j = 0.5; therefore, SJ- =(0.26 cm:
Ry =2 em, CVp = 0.04: j = 0.5; §;=0.04 cmz‘
Ryyg = 2 ¢m, CVj, = 0.10: j = 0.3; therefore, §; = 0.10 cm
R, = lcm, CVp=0.10: j = 0.5; S:=0.064 cm

avg

where CVj, is the coefficient of variation of the particle radii.
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Thus, the area of contact increases with increasing j, D, and
Royg:
This solution has been thoroughly tested by N. M. Egorov,
an engineer at the Vladimir Polytechnical Institute. The value
of j for individual particles of crushed stone varied over a wide
range from 0.071 to 1.000 with an average value of j = 0.5. The
contact area between the particles ranged from 3 to 707 mm’. A
comparison of the theoretical and experimental values of the
contact area showed that the difference between them is no
greater than 12 percent, so that the solution obtained may be
used extensively in practical calculations.

DETERMINATION OF THE NUMBER OF CONTACTS
BETWEEN PARTICLES OF MATERIAL IN A
RANDOM CROSS SECTION

To determine contact stresses, an expression must be obtained
for the number of contacts in an arbitrary plane passing through
some volume of granulated material. Imagine that there is a
connection between the particles in the form of the edge of a
graph (a line connecting the centers of the particles). The
probability that this edge (AB) is intersected by an arbitrary
plane (Figure 9) is to be determined. The position of the edge in
space may be characterized by three numbers: (a) the length of
the edge (/), (b) the distance from the center of the edge to the
intersecting plane (x), and (c) the angle between the edge and

FIGURE 9 Theoretical dlagram for
determining the number of contacts between
particles in a plane passing through the packing.

the horizontal (8). These arc all random quantities with corre-
sponding probability density functions p(J), p(x), and p(6). The
limits of variation for /, 0, and x are I ; <! < [,
0<0<p/2, and 0 £ x < L. It is assumed that the quantity x is
uniformly distributed, so that

/L x e [0, L]

pix) = {0 e 10, L] 1))

The edge is intersected by the plane (p) if and only if x < (}/2)
cos 6. The probability that the edges intersect the plane p will
be designated. Then,

p= j(vf) [rr@p@aidoa
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/2 .
fde f% cos 8p(1)p(B)dl
0

fnia

I /2
28 | cos Op(0)d6 28
o1 p(6) (28)

where V is the volume of the material.
The number of particles within the volume [V (N,)] may be
obtained from the following equations:

Lsp = TRy N,
N, = & ‘Z" (29)
41!::‘ws
where
Land § = the dimensions of the volume being

studied (see Figure 9),

r = the volume packing density of the
material, and
Tivg the mean particle radius in the packing of

the material.

The number of contacts between particles in a volume [V

™) is

0 = Ley o 3P

r = 3
2 8T g

30

where k is the coordination number.
The number of right-hand contacts intersected by plane p is

0, =0p, 31)

Now consider various distribution laws for the quantity 6:
Suppose 0 is distributed uniformly on [0, p/2]:

o) = {2/1t e 0 [0, m/2]
PO =10y & 60,72
_ g2
pr = ETA
hence,

g 3LSpk
Q= 3
Lugns 2

_ 3L, Spk _ 3Spk
1687y, 87

avg

(32

If it is assumed that, on the average, l,, = 2r,,; and that the
total number of intersected contacts Q = Q, + @, = 20,,

3pSk
Q= P

=
21 Fyyg

(33)

Other distribution laws for 0 lead to the theoretical formulas
given in Table 1.

The solution obtained is in good agreement with the formula
obtained by Rumpf (I)—the difference is no greater than 5
percent. A comparison of Equation 33 and the test data of
Zimin and Timchenko (2) and Andriyanov and Zimon (3)
showed that the difference is no greater than 12 percent, which
is sufficiently accurate.

TABLE 1 THEORETICAL FORMULAS FOR DETERMINING
THE NUMBER OF CONTACTS

Formula for Transformation
Distribution Law for Q | Determining Number g}?gﬁ&r::nm
. foabeats Distribution Law
Pe)
4 .
¥ =_12kSplvo=1]| 8
Q- =sEXeld n—l m il 0548
W2,
0 & ?e
PP
-
A= 8:SPk A
Q=132 n=2-=1.2733
Lg
0 6
P
1 ——
) ~_6.SPk[n arn
Q=5 [ | nslz 1oz
m
0 -‘-2.9

The areas of contact between particles have been deter-
mined, so it is now rather straightforward to calculate the total
area of contact between the particles in a random intersecting
plane and the actual contact stresses. The practical use of the
theoretical solutions obtained in this paper will be discussed
next.

EXAMPLES OF THE PRACTICAL USE OF THE
THEORETICAL SOLUTIONS

Example 1

The contact stresses that arise on compression of a sample of
asphalt concrete when the particles of the material have a
uniform distribution can be calculated. The maximum and
minimum radii of the spheres (which were determined by the
maximum and minimum size of an individual particle) can be
written in the following way with a 95 percent confidence
coefficient:

R, 1+ 2CV)

Tavg

Ry = ryg(l — 2CV) (34)



The degree of interpenetration of the spheres is assumed to
be ¥ = 0.5, and the number of contacts between particles is
assumed to be 8.

The ratio of the increase in the contact stresses to the mean
strength of the sample can be calculated by using

b= P2 - 8 35)
Fconp Fcon
where
p = the pressure on the sample,
S = the area of the sample, and
F.n = the area of the contacts between particles in a

random cross section.
The value of F,,, can be obtained from Equation 18 using
Equation 33:

n

Fo= ZzYZPSkU-;(Rl — Ro)
o jl w(R, + RG)2

[BRy — 2y(R; — Ry)] (36)

where o, is the fractional content of the ith fraction (i = 1, 2, 3,
. . ., n). Substituting Equations 36 and 34 into Equation 35 and
rearranging yields

T

ky = €1
4pCV(3 + 2CV)

Equation 37 was used to construct the theoretical nomogram
in Figure 10. From Figure 10, it is apparent that the smaller the
coefficient of variation for particle size (i.e., the closer the
particles come to being spherical in shape), the higher the
contact stress in the material.

Thus the strength of the sample essentially depends on the

13

e (.08
= 010 J————__

014~
= 0.18

1 — |

0.6 0.8 P

FIGURE 10 Ratio of the contact stresses
and mean stresses when testing samples of
material for compression, expansion, or
deformation as a function of the density of
the material.
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shape of the particle, which is now ignored. For all practical
purposes, contact stresses are inversely proportional to density.

Example 2

It is to be determined whether crushed granite will be frag-
mented during compaction if the particle strength is 100 MPa,
the coefficient of variation of the particle sizes CV = 0.04, the
packing load is 30 MPa, and the required density r = 0.9. From
the nomogram in Figure 10, the permissible value of CV = 0.07
is obtained. Consequently, this degree of compaction can only
be achieved with the material becoming fragmented.

Example 3

For the compaction of granulated material by rigid rollers
(Figure 11), the exterior load is taken from the Hertz-Belyaev

g max

- b o

FIGURE 11 Diagram for calculating
the contact stresses in the rolling of
granulated (loose) materials.

solution (4) for an infinite cylinder of radius R. The maximum
stress in the center of the loaded area is

max

0.5642 (qE)m

_[4E 38
a-wp" B

R

where | and E are Poisson’s coefficient and the modulus of
elasticity (MPa) of the material being packed and q is the linear
load per unit length of the roller (hundred weight per
centimeter),

In this calculation, it is assumed that a load 6, is applied to
an area d,, ¥d,, (where d,,, is the mean size of the packed

avg 3
particles in centimeters). Using Equations 34-36 and 38 yields

k, = ;2_ (39)

TCV(3 + 2CV)

Equation 39 was used to construct Table 2.

Thus the shape of the crushed stone substantially affects (by
a factor of as much as 12) the contact stresses directly beneath
the roller. The contact stresses in the lower layers of the packed
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TABLE 2 VALUE OF k, IN THE PACKING OF
MATERIAL BY RIGID ROLLERS

Cy 0.02| 0.06 |0.10 |014 | 0.18| 0.30
Value

ot Kk |U| 6282|2040 11.94 | 832 | 6.32 | 3.5
for

rious

eI n | 78.80|25.63 | 15.02 [10.48 | 7.97 | 4.8
butions

Note: U = Uniform distribution and N = normal distribution.

material can be calculated using Figure 10. A comparison of
the data in Table 2 and Figure 10 shows that the contact stresses
in the second and subsequent layers of material are approx-
imately a factor of 3 smaller than the stresses directly beneath
the roller; this leads to fragmentation of the upper layer during
rolling. To decrease the extent to which the material in the
surface layer becomes fragmented, the diameter of the roller
must be increased without increasing its weight, rolling should
be done on a layer of elastic material (rubber, canvas, etc.), fine
crushed stone or other material capable of increasing the con-
tact area should be spread on top of the upper layer before
rolling, vibrating rollers should be used, and so forth. When the
sizes of the particles in the material being packed are normally
distributed,

4
k.= 7 (40)
nCV[gX + (Z) ]
2 T

The theoretical results from this equation are given in Table 2.
The value of k, for the normal distribution is an average of a
factor 1.255 times greater than that for the uniform distribution.

Example 4

The contact stresses for various rigid rollers will now be calcu-
lated (light rollers are less than S metric tons, medium rollers
are 5 to 10 metric tons, and heavy rollers are 10 to 16 metric
tons). A mean density r = 0.7 is used in the calculation. The

gk,
MPa
L= Medium
60-100
] MPa
bost”” =
44 // 0.04‘”
v
Wil il 0.0 Weak
T et <60
.;?.-.’.._.:_.._. 008 v="=d g
s == 0.10
= 0-}84:.‘
0
30 70 10 150 190 E, MPa
FIGURE 12 Contact stresses in crushed stone

packed by a light roller.

Ok,
MPa | Strong
106.3 ,4' 100-200
v MPa
0.03
//
88.6 = Medium
"4 60~-100
£ PP
’, (r’/ MPa
709 ~ ~10.04
/ .
4 z1 e
7 > .
/ i 1
53.2 4 — =
po
// //' OG‘/ »10.06 Weak
V17 04— —{ <60
354 |2 p P Go| | WP
///4,’ 0080 (™ | 0.10p=F=
’ = | — -’_..-
o g
- - | e o == L
1T
,’
o]
30 70 110 150 190 EMPa

FIGURE 13 Contact stresses in crushed stone
packed by a medlum-weight roller.

results of the calculation are given in three nomograms (Fig-
ures 12-14), which may be used to select the roller type.

To calculate the contact stresses in the surface layer, the data
in Figure 10 need to be increased by a factor of 3. The
nomograms obtained (Figures 12—-14) allow selection of the
type of roller to be used in packing granulated materials.

Ok
MPa /‘,D,
L.
]
124.0 7 Strong
y 100-200
= 2 MPa
0.03 p
a 2
106.3 = 37
/ 003] 7
A -
88.6 £ A
. / /, 0.04 Medium
o Az 60-100
/ s %4 MPa
09 N 0.04 -
/ // "/
f/ y. 4 ,/ ’/"
/ L
1A VLT 0.064 =
le //’/' ’ﬁ’
,/
35.4 ,/ - /ﬁ}fﬁ" —| Weak
“ P = [0 P'O.UO‘ <60
[ 7 ",:_?‘) L0107 MPa
= /,r P
//; —tor—T
17.7 . ai T
-~ - — pummte (),
/
930 70 110 150 190 EMPa

FIGURE 14 Contact stresses in crushed stone packed
by a heavy roller.
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Suppose that a roller must be selected to be used for packing
fine limestone with a strength of 60 MPa. To avoid crushing the
material, the conditions given in Table 3 must be satisfied.
Thus, to preserve the particle size of the material, it must be
laid on a base of less strength; the weaker the material, the
weaker the base should be. The material itself should be non-
uniform with respect to particle size. When the material be-
comes fragmented, the coefficient of variation of the particle
sizes increases significantly; this leads to a sharp decrease in
the contact stresses. This point is confirmed by the test data of
E. A. Pospelov, obtained under the guidance of the author of
this paper.

TABLE 3 SELECTION OF ROLLER TYPE

Necessary Conditions for Rolling
Type of
For the Lower Layers of For the Surface
Roller the Material Being Packed Layer
[¢]
v E. MPa Cy E, MPa
> 0.08 <110
. > 0.04 <210
Light 20.10 <170
. > 0.04 <110 - 190 >0.10 <80 - 160
Medium > 0.03 <60 110 2008 | <60-100
2 0.06 <150 -220

20.18 170

Heavy >0.04 <70- 110

Example §

The packing of material by a pneumatic roller will now be
discussed. When a pneumatic roller is used on packed material,
the transmission of force occurs through the raised portions of
the tread so that the pressure on them will be greater than the
mean pressure of the wheel on the packed layer. The pressure
under the raised portions of the tread for rollers in current use
varies over a wide range from g = 0.42 to 2.4 MPa; for the most
widely used rollers, ¢ = 0.42 to 1.6 MPa.

Figure 10 is used for calculating the contact stresses within
the layer of material being packed and Table 2 for the contact

TRANSPORTATION RESEARCH RECORD 1119

stresses in the surface layer. Suppose that the air pressure in the
roller tires is 0.6 MPa. Taking the structure of the tread into
account, the pressure will be 0.6 x 1.7 = 1.02 MPa. The degree
of packing of the material is assumed to be r = 0.7, and the
coefficient of variation for the particle sizes CV = 0.06. Then
the contact stresses within the layer will be 5, =6 x 1.02=6.12
MPa, and the stress at the surface will be 5, = 204 X 1.02 =
20.8 MPa. If the fragmentation resistance of the material is 30
MPa, the material will not become fragmented under these
packing conditions, at least not to a great extent.

CONCLUSIONS

The theoretical solution presented here allows the calculation
of the engineering conditions for constructing layers with low-
strength materials. Use of this method in the development of
technology for packing local low-strength limestone in the
Vladimir region of the USSR has made it possible to use local
materials and industrial by-products widely; the usable life
span of such materials in highway pavement was increased by a
factor of 1.2 to 1.5, and their modulus of elasticity was in-
creased by a factor of 1.1 to 1.3, The solution obtained can also
be used to calculate the composition of the mineral mixture for
asphalt concrete, cement concrete, and the like.

The theoretical solution can also be used to improve the
results of laboratory tests of soils and materials.
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An Evaluation of Lime and Cement

Stabilization

THOoMASs W. KENNEDY, ROBERT SMITH, RICHARD J. HOLMGREEN, JR., AND

MAGHSOUD TAHMORESSI

Stabilization of clay materials is of interest to any engineer
who must deal with this type of soil. Stabilization techniques
can be mechanical or chemical, or both, but the addition of a
stabilizing agent is generally the favored approach. Lime in
one form or another has been the most widely used stabiliza-
tion agent for clay. However, portland cement to stabilize clay
has been promoted and used in some applications. It was the
purpose of this research to define the effectiveness of hydrated
lime and portland cement on three Texas clays. Variables
evaluated included two levels of treatment, two levels of pul-
verization, two compaction efforts, two moisture conditions,
and a range of curing times. On the basis of the results and
conditions of this test program, lime treatment of expansive,
high-plasticity soils was more favorable for compressive
strength attainment than was cement treatment of these soils.
In general, lime treatment produced higher dry-conditioned
strengths, but the major advantage was in the wet-conditioned
strengths. Lime treatment provided significantly better resis-
tance to moisture damage when these soils were compacted by
the modified compactive effort. Cement treatment of low-plas-
ticity sandy clay produced significantly higher compressive
strengths than did lime treatment of this soil.

The modification of soils to improve their engineering proper-
ties has been practiced for many years. Many investigations
and research programs have addressed the development of
materials evaluation and mixing techniques to determine the
best combinations of soils and stabilizing agents. Economics
have also played an important role in determining the best
procedures and materials. Recently, material and construction
economics have made more materials competitive, thus open-
ing the way for more approaches than were previously used.

In many parts of Texas, engineers must deal with several
different types of clay materials varying from extremely expan-
sive to moderately active. Stabilization or modification of these
clays is necessary for proper construction. In the past, lime has
been used primarily for clay soil stabilization, and cement has
been preferred for granular or sandy soils. However, cement
has been promoted and used on some clay soils in Texas. To
better understand this application of cement with clay soils, a
research project was undertaken. Several variables were intro-
duced to evaluate both hydrated lime and portland cement as
stabilizing agents for clay materials. The experimental program
and results are discussed here.

Department of Civil Engineering, The University of Texas at Austin,
Austin, Tex. 78712,

EXPERIMENTAL PROGRAM

The objectives of the study were to compare the dry and wet
unconfined compressive strength characteristics of soils treated
with hydrated lime and portland cement, to evaluate the impor-
tance of pulverization for the unconfined compressive strength
of soils treated with portland cement, and to determine the
effect of compactive effort.

The experimental program involved three soils, two stabiliz-
ing agents (hydrated lime and portland cement), two levels of
treatment, two levels of pulverization, two levels of compac-
tion, two levels of moisture conditioning, and a range of curing
times.

Materials
Soils

Three Texas soils were used in the study. Two of the soils were
from Dallas County and are described as Dalco sandy clay and
Dalco clay. The third soil was from Harris County near
Houston and is described as Beaumont clay. The characteristics
of the three soils are given in Table 1.

Additives

The three soils were treated with commercially available port-
land cement and hydrated lime. The cement was Type I port-
land cement manufactured by Alamo Cement Company of San
Antonio, Texas. The lime was hydrated lime manufactured by
Austin White Lime Company of Austin, Texas.

The three soils were treated with 4 and 7 percent portland
cement or hydrated lime, based on the dry weight of the soil.
These treatment levels would be expected to fully stabilize the
lime-treated soils and modify the cement-treated soils.
However, these application rates are currently being used and
compared.

Laboratory Procedure

The following laboratory procedures were used in an attempt to
simulate field conditions.



12

TRANSPORTATION RESEARCH RECORD 1119

TABLE 1 CHARACTERISTICS OF SOILS USED IN THIS STUDY

Minus No.
Liquid Plastic Plasticity =~ 200 Sieve  Unified Soil
Soil Limit Limit Index Material Classification
Dalco clay 72 33 39 100 CH
Dalco sandy clay 27 16 11 49 SC
Beaumont clay 60 24 36 100 CH

Pulverization

The soils were oven-dried at 110°F for 5 days. The soils were
then pulverized and separated on the 3/4-in. sieve and the No. 4
sieve. The three soil sizes were combined to produce soils that
satisfied the following gradation requirements:

e Pulverized: 100 percent passing the No. 4 sieve and

o Unpulverized: 85 percent passing the No. 4 sieve and 15
percent passing the 1!/2-in. sieve and retained on the 3/s-in.
sieve.

Treatment

Portland Cement Four or seven percent ccment was added
to the dry soil along with sufficient water to produce the
optimum moisture content for the cement and soil mixture. The
soil and cement were mixed for approximately 5 min using a
1-f® Lancaster automatic mixer. The soils were compacted
immediately after mixing without curing, which simulates the
current practice of cement modification of clay soils.

Hydrated Lime Four or seven percent hydrated lime was
added to the soil in the form of a lime-water slurry. The amount
of water was equal to that required to produce the optimum
water content for the mixture. The soil and lime were mixed for
approximately 5 min using the Lancaster mixers. The lime-
treated mixtures were placed in plastic bags and allowed to
mellow (cure) for 3 days before compaction. This curing pro-
cedure, which may not be required if adequate pulverization
can be obtained, is similar to the procedure often used in lime
stabilization construction.

No Treatment The soil was mixed at the optimum water
content for approximately 5 min. Compaction occurred imme-
diately after mixing.

Compaction
The three treated and untreated soils were compacted at the
optimum moisture for maximum dry density using the follow-

ing compactive efforts and procedures:

Dalco sandy clay:
Dalco clay:

Modified Proctor (ASTM D 1557)
Modified Proctor (ASTM D 1557)

Beaumont clay: Modified Proctor (ASTM D 1557)

Standard Proctor (ASTM D 688)

As previously mentioned, the untreated and cement-treated
soils were compacted immediately after mixing without a cur-
ing period, and the lime-treated soils were compacted after a
3-day mellowing period. Additional water was added, as
needed, to bring the mixture to the optimum water content for
compaction.

Curing

One set of specimens was tested immediately after compaction
and served as a control. All of the other specimens were
wrapped in plastic to prevent loss of moisture and were placed
in a room at 72°F and 65 percent relative humidity. Specimens
were under these conditions for periods of 0, 7, 28, or 119 days.
After the initial curing period, the specimens to be subjected to
wetting were unwrapped, removed, and placed on porous
stones in a pan of water in a room at 100 percent humidity for 7
days. The specimens to be tested in the dry condition were
allowed to cure for an additional 7 days. Thus the total cure
times were 7, 14, 35, and 126 days, except for the specimens
tested immediately after compaction (Table 2).

TABLE 2 CURING TIMES

Cure Days

Initial 0 0 7 28 119

Additional 0 7 i 7 7

Total 0 7 14 35 126
Testing

Immediately after the prescribed total curing period, the speci-
mens were tested in unconfined compression according to
ASTM D 1663. Specimens were loaded at a constant deforma-
tion rate of 0.115 in./min at 75°F, and the load and correspond-
ing vertical deformations were recorded on an X-Y plotter.

Properties Analyzed

Plasticity characteristics (Atterberg limits) and unconfined
compressive strengths were determined for the treated and
untreated soils.
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Atterberg Limits

The liquid limit, plastic limit, and plasticity index were deter-
mined immediately after treatment for portland cement and
after a 3-day mellowing period for hydrated lime.

Unconfined Compressive Strength

The unconfined compressive strength was determined over the
range of curing times. Tests were conducted on both dry and
wet specimens as described under curing.

Experiment Design

A summary of the experimental design is given in Table 3. Two
replicate specimens per cell or test condition were tested as
indicated by the numbers. The specimens for the longer-term
curing conditions were prepared first in order to minimize the
time required for the study. All treatment levels were coded to
minimize bias during testing.

13
PRESENTATION OF RESULTS

The primary objective of this study was to compare the strength
and plasticity characteristics of three cement-treated and lime-
treated Texas soils. Unconfined compression tests on com-
pacted specimens were used to evaluate the strengths of the
treated soils. The strengths of dry and wet specimens were
compared to establish the moisture susceptibility, or retained
strength, of the treated soils. The importance of pulverization

for the strength of cement-treated soils and the effects of the
degree of compactive effort on both cement-treated and lime-

treated soils were evaluated.

Atterberg Limits

Both cement and lime produced no change or a slight increase
in the liquid limits and a large increase in the plastic limits, thus
producing a significant decrease in the plasticity indexes of the
treated soils.

TABLE 3 EXPERIMENTAL DESIGN FOR UNCONFINED COMPRESSION TESTS

Total

Cure Untreated
Pulverized
at 0%

Compactive Moisture Time
Soil Effort Condition  (days)

Lime-
Treated?
Unpulverized Pulverized

4% 1% 4% 1%

Cement-Treated?
Pulverized
4%

~1
=

Dalco clay Modified Proctor  Dry 0

Wet a

Beaumont clay Modified Proctor  Dry 0

Wet 7

Standard Proctor  Dry 0

Wet y/

Dalco sandy clay Modified Proctor  Dry 0

Wet 7

—
]
=}
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Note: Total specimens = 428,

3 Additive expressed as percentage by dry weight of soil.
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FIGURE 1 Dry unconfined compressive strength for pulverized Dalco clay
treated with cement or lime (modified AASHTO).

The higher-plasticity Dalco clay exhibited approximately a
50 percent decrease in the plasticity index, whereas Beaumont
and Dalco sandy clays exhibited lower reductions in plasticity
indexes. The lime was slightly more effective in reducing the
plasticity index; however, except for the Dalco sandy clay, the
differences were of no practical significance.

Unconfined Compressive Strength

The relationships between unconfined compressive strength
and total cure time are shown in the figures. In general, both
cement and lime treatment increased the strengths of the three
soils. In addition, the strength tended to increase with increased
curing time,

Pulverized Soil

The effect of cement and lime treatment of soils that were
pulverized to 100 percent passing the No. 4 sieve was depen-
dent on soil type, or soil plasticity, and the compactive effort
used to produce the specimens.

Dalco Clay Lime-treated Dalco clay specimens exhibited
significantly higher strengths than did the cement-treated speci-
mens when tested in either the dry or the wet condition.

The dry unconfined compressive strengths (Figure 1) of the 4
and 7 percent lime-treated Dalco clay were relatively high with
126-day strengths of approximately 450 and 750 psi, respec-

600 + //.
7T LIHE
UNCONF INED
COMPRESSIVE
STRENGTH, i -
PSI r -
4 -4/
=
1 AT Line
200 +
1 4% CEMENT
UNTREATED 7% CEMENT
N nintet o doieints e e wetssazEatil
.n-‘.‘-'/::‘-‘
I e DT /P S —p—
0 14 28 42 36 70 84 98 112 126

TOTAL CURE TIME, DAYS

FIGURE 2 Wet unconfined compressive strength for pulverized Dalco clay
treated with cement or lime (modified AASHTO).
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FIGURE 3 Failure of cement-treated specimens before testing.

tively. The 4 and 7 percent cement-treated clays exhibited 126-
day strengths of about 240 and 350 psi, respectively.

The wet cement-treated soit (Figure 2) had low strengths at 7
and 14 days of total curing, and in some cases the specimen
could not be tested (Figure 3). The strengths increased with
further curing but were still less than 80 psi after 126 days. In
comparison, the 4 and 7 percent lime-treated soils had wet
strengths of 286 and 612 psi, respectively, after 126 days.

Thus, for the dry condition, the strengths of the lime-treated
specimens were approximately two times stronger than those of
the cement-treated specimens. For the wet specimens (Figure
2), however, the differences were much greater and in some
cases the lime-treated clays were 10 times stronger than the
cement-treated material. Indeed, the wet-conditioned compres-

sive strengths of lime-treated soils were greater than the dry-
conditioned strengths of the cement-treated soils at both 4 and
7 percent treatment levels (Figures 4 and 5). These trends were
evident throughout the 126-day curing period.

Beaumont Clay The modified compacted Beaumont clay in
the dry condition had essentially equal strengths when treated
with 7 percent cement or lime (Figure 6). After 126 days of
curing, however, the lime-treated soils were slightly stronger
than the cement-treated soil. When tested in the wet condition,
the strength of the lime-treated soils greatly exceeded the
strength of the cement-treated soil, indicating a significant loss
of strength for the cement-treated specimens.

600 +
/u LIHE ORY
400 + //
A LINE VET
UNCONF INED /
COMPRESSIVE
STRENGTH, 1
PSI
1 cooenoR .
200 4 [
f P e
-i 2 AX CENENT VET
| UNTREATED ORY UNTREATED
= e S ===
.-—r SO
0 o ey f o el
0 14 28 42 56 70 B4 98 112 126

TOTAL CURE TIME, DAYS

FIGURE 4 Dry and wet unconfined compressive strengths for 4 percent
cement- and lime-treated pulverized Dalco clay (modified AASHTO).
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FIGURE 5 Dry and wet unconfined compressive strengths for 7 percent
cement- and lime-treated pulverized Dalco clay (modified AASHTO).

In contrast, for the standard compacted Beaumont clay spec-
imens tested in the dry condition, 4 and 7 percent cement-
treated specimens exhibited greater strengths than 4 and 7
percent lime-treated specimens, respectively (Figure 7). When
tested in the wet condition (Figure 8), the cement-treated speci-
mens still had higher strengths, but the difference in strengths
between the cement-treated and the lime-treated soils was
slight (Figures 9 and 10). At 126 days, clay specimens treated
with 7 percent lime were stronger.

Dalco Sandy Clay The relationships between strength and
curing time are shown in Figures 11-14. Cement treatment of
the Dalco sandy clay produced significantly greater strengths
than did lime treatment in both the dry and the wet condition
(Figures 11 and 12). After 126 days of curing, the dry strengths
were 1,532 and 1,090 psi for the cement-treated specimens
with 7 and 4 percent cement, and 478 and 372 psi for the lime-
treated specimens. In the wet condition, after 126 days of
curing, the strengths for the cement-treated specimens were
about 720 and 400 psi, and strengths for the lime-treated
specimens were about 260 and 220 psi. Thus a greater loss was
exhibited for the cement-treated soils than for the lime-treated
soils. Nevertheless, the cement-treated soils with both 4 and 7
percent cement were stronger than the lime-treated soils. This
trend is basically opposed to the trends exhibited by the Dalco

clay and is attributed to the coarser grain size and lower
plasticity of the sandy clay.

Unpulverized Soil

It has been suggested that a high degree of soil pulverization is
not necessary before the addition of portland cement. This in
effect would leave small clods of soil coated with cement and
would not allow the cement to be intimately mixed with the soil
particles. Thus, for the cement-treated portion of the study, the
soil was mixed with unpulverized soil as previously described.

The relationship between unconfined compressive strength
and total cure time for unpulverized cement-treated specimens,
along with the comparable relationships for pulverized soil, are
shown in Figures 15-20. All of these relationships show sub-
stantially lower strengths for the unpulverized specimens than
for the comparable pulverized specimens. For Beaumont clay,
the effects of degree of pulverization were only examined for
the standard compacted specimens.

The effects of inclusion of unpulverized clods were more
pronounced in the wet-conditioned specimens. This was ex-
pected because during wet curing there was more available
water to cause swelling of the clods. Swelling of the clods
caused disruption of the specimens and thus lowered the un-
confined compressive strength.

The effects of the inclusion of unpulverized clods were more
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FIGURE 6 Dry and wet unconfined compressive strengths for 7 percent
cement- and lime-treated pulverized Beaumont clay (modified AASHTO).
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FIGURE 7 Dry unconfined compressive strengths for pulverized Beaumont
clay treated with cement or lime (standard AASHTO).
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FIGURE 9 Dry and wet unconfined compressive strengths for 4 percent
cement- and lime-treated pulverized Beaumont clay (standard AASHTO).
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FIGURE 11 Dry unconfined compressive strength for pulverized Dalco
sandy clay treated with cement or lime (modified AASHTO).

pronounced in the high-plasticity clays. The cement-treated
Beaumont clay and Dalco clay had greater reductions in
strength for the unpulverized specimens, especially the wet-
conditioned specimens. Still, the very sandy clay, Dalco sandy
clay, showed significant strength losses when unpulverized and
pulverized specimens were compared.

Effects of Compactive Effort

The unconfined compressive strengths of standard and modi-
fied compacted 7 percent treated Beaumont clay specimens
were compared to examine the effects of the degree of compac-
tive effort. Unconfined compressive strength-total cure time
relationships are shown in Figures 21 and 22.

In the dry condition, the increase from standard to modified
compactive effort produced a two- to threefold increase in
strength for the lime- and cement-treated specimens. In the wet
condition, the increase in compactive effort produced a similar
increase in strength for the lime-treated specimens. The modi-
fied compacted cement-treated specimens’ strengths were actu-
ally about 35 percent lower than the standard compacted ce-
ment-treated specimens’ strengths.

The high-plasticity Beaumont clay has a tendency to swell in
the presence of water unless a stabilization treatment reduces

this tendency. An increase in compactive effort produces an
increase in swell pressure along with an increase in the density
of a clay. The modified compacted cement-treated specimens
appeared to have the swell pressure from water content in-
crease superimposed on the increased swell pressure from the
higher compactive effort. This increased swell pressure caused
disruption of the modified compacted cement-treated speci-
mens, leading to low strengths. The lime-treated modified com-
pacted specimens did not show a decrease in strength from the
standard compacted specimens when both were tested in the
wet condition. It has to be assumed that the lime treatment
reduced the tendency of this soil to swell in the presence of
water.

CONCLUSIONS

The following conclusions are based on the findings of this
study and the conditions evaluated.

Unconfined Compressive Strength

1. Lime treatment produced higher strengths than did ce-
ment treatment for the modified compacted high-plasticity
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FIGURE 14 Unconfined compressive strength for pulverized Dalco sandy
clay treated with 7 percent cement and lime (modified AASHTO).

Dalco and Beaumont clays. Significantly higher strengths were

obtained from wet condition tests.
2. Cement treatment produced significantly higher strengths

than did lime treatment for the modified compacted, low-
plasticity, Dalco sandy clay. Higher strengths were obtained in

both dry and wet condition tests.
3. Similar strength results were obtained from the cement-

and lime-treated standard compacted Beaumont clay.

4. Wet-conditioned, modified compacted, cement-treated
Dalco or Beaumont clays had low strengths. Extremely low
strengths were recorded at total cure times of 7 and 14 days.

Moisture Susceptibility

1. Lime treatment of the modified compacted high-plasticity
clays provided a greater relention of their dry-conditioned
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FIGURE 15 Effects of pulverization on dry and wet unconfined
compressive strengths of 4 percent cement-treated Dalco clay (modified

AASHTO).
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compressive strengths of 4 percent cement-treated Beaumont clay (standard
AASHTO).

400 DRY-PULVERIZED

UNCONF INED
COMPRESSIVE 200 -
STRENGTH,
PSI

TOTAL CURE TIME, DAYS
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FIGURE 21 Unconfined compressive strength for dry, pulverized Beaumont
clay, modified or standard AASHTO compaction with cement or lime.

strength when they were exposed io moisture. Lime trealment
provided two to four times greater retention of strength than did
cement treatment.

2. Lime-treated standard compacted Beaumont clay had
slightly higher strength retention from the dry to the wet condi-
tion. Although cement treatment gives higher strengths for both
dry and wet conditions than does lime, the amount of strength
loss (difference between dry and wet strengths) is less for lime.

Effects of Degree of Pulverization

1. A small amount (15 percent) of unpulverized (*/+ in. to
1%/2 in.) soil in a cement-treated soil mixture was found to cause
a considerable loss in strength compared with a cement-treated
completely pulverized (100 percent minus /s in.) soil mixture.
This trend was evident for all three soils tested.

2. Lower strengths were obtained for the wet- and dry-
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FIGURE 22 Unconfined compressive strength for wet, pulverized Beaumont
clay, modified or standard AASHTO compaction with cement or lime.
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conditioned unpulverized cement-treated soil specimens, but a
larger decrease in strength was observed in the wet-conditioned
specimens.

3. Swelling of the dry unpulverized soil clods during curing
was thought to be the major cause of distress in the specimens,
which led to lower strengths.

Effects of Degree of Compactive Effort

1. Dry-conditioned compressive strengths increased greatly
for the lime- or cement-treated Beaumont clay when the com-
pactive effort was increased from standard to modified com-
pactive effort.

2. Wet-conditioned strengths decreased greatly for the ce-
ment-treated Beaumont clay when the compactive effort was
increased from standard to modified compactive effort. Lime-
treated Beaumont clay’s wet-conditioned compressive
strengths increased about the same percentage as did the dry-
conditioned strengths with increased compactive effort.

3. Increased swelling pressure induced by the increased
compactive effort was thought to be the cause of the loss of
strength in the wet-conditioned cement-treated clay specimen.
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4. Lime treatment appeared to reduce the swelling tenden-
cies of the expansive Beaumont clay whereas the cement treat-
ment did not.

Summary

On the basis of the results and conditions of this test program,
lime treatment of the expansive high-plasticity soils was more
favorable for compressive strength attainment than was cement
treatment of these soils. In general, lime treatment produced
higher dry-conditioned strengths, but the major advantage was
in the wet-conditioned strengths. Lime treatment provided sig-
nificantly better resistance to moisture damage when these soils
were compacted by the modified AASHTO compactive effort.

Cement treatment of the low-plasticity sandy clay produced
significantly higher compressive strengths than did lime treat-
ment of this soil.

Publication of this paper sponsored by Committee on Lime and Lime—
Fly Ash Stabilization.
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Automation of Monitoring of Geotechnical

Instrumentation

ALAN L. HINCcKLEY, BERTRAND D. TANNER, AND Eric C. CAMPBELL

Inexpensive, low-powered, portable dataloggers directly com-
patible with many sensors commonly used in slope stability
and soil mechanics work provide new measurement oppor-
tunities by reduclng logistic complexity and cost. Pressure,
force, and position sensors employing strain gauges, vibrating-
wire transducers, or potentlometers are used to obtain soil
pore pressures, slope inclination, movement, and strain. Sen-
sors for general meteorological parameters and soil moisture
are also accommodated. Accurate strain gauge measurements
requlre the datalogger to have low input noise, high resolution,
and precision switched bridge excitation voltages. Vibrating-
wire transducers are measured either by plucking the trans-
ducer and period averaging the decaying transient or by using
a continuously excited sensor and counting the frequency.
Programmable dataloggers process measurements on site, re-
ducing data storage requirements and allowing logic decisions
based on measured values such as recording of data more
frequently during significant events (conditional recording)
and setting alarms or controls. Real-time communication to a
computer uses telephone, radio, or satellite links. On-site data
storage uses solid-state memory modules or cassette tapes. The
standard environmental operating range of the dataloggers is
—25°C to +50°C, with —50°C to +80°C available through spe-
cial testing,

New, inexpensive, low-powered dataloggers designed for en-
vironmental applications greatly facilitate the measurement of
parameters important to slope stability and soil mechanics
work. This discussion includes a brief review of data acquisi-
tion functions followed by a list of datalogger design features
important to environmental applications. The advantages of
sensor compatibility and on-site processing are discussed in
further detail. Several data retrieval methods are presented and
a current application is discussed.

FUNCTIONAL OVERVIEW

Digital data acquisition requires the automated conversion of
electronic sensor signals to a digital value [analog to digital
conversion (ADC)], which is then stored or transmitted, or
both. Although many hardware options exist, certain functional
components are common to any data acquisition process. A
broad view, from sensors to computer, is shown in the block
diagram in Figure 1. In traditional data acquisition systems,
each individual measurement was stored, whereas today’s pro-
cessing dataloggers store results from several measurements
processed over time (e.g., averages, maximums, standard de-

Campbell Scientific, Inc., P.O. Box 551, Logan, Utah 84321.

viations). In addition, external circuitry was often required to
condition sensor outputs for measurement by the datalogger. In
many of today’s systems, the datalogger performs all of the
functions enclosed in the broken line of Figure 1.

ENVIRONMENTAL DATALOGGER DESIGN
FEATURES

The design specifications for a datalogger depend on the in-
tended application. A summary of requirements that are impor-
tant for unattended operation in remote, outdoor environments
follows.

1. Wide temperature and high humidity operating range: In
addition to surviving, the datalogger must hold stated accuracy
specifications over environmental temperatures and high hu-
midities. Today, performance over —50°C to +80°C tempera-
tures is attainable with standard tested components, which
eliminates the need for expensive military specification compo-
nents in most cases. Solar heating can raise datalogger en-
closure temperatures 20°C above air temperatures. It has been
found that the use of desiccant and weather-tight enclosures
provides the simplest and most cost-effective means of protect-
ing the datalogger from dust, rain, and condensing water vapor
concentrations.

2. Portability and low power consumption: Field sites where
slope stability is a problem generally have difficult access. A
datalogger that is small and requires little power reduces in-
stallation logistics and is easier to protect from vandals. Effi-
cient design can attain 8 months of operation from eight al-
kaline D-cell batteries in an application where 12 sensors are
measured once per minute.

3. Input transient protection: Environmental dataloggers are
vulnerable to major hardware damage caused by large, light-
ning-induced transients entering the system on sensor leads.
Protective hardware, such as transorbs, spark gaps, and the like,
and proper grounding procedures are required to minimize
damage.

4. Hardware microprocessor reset: Unattended, processor-
based instrumentation should contain a hardware reset to re-
store normal processor execution in the event that it is altered
by input transients or intermittent component failure. User-
entered programs should exist in write-protected memory to
minimize the possibility that the processor can overwrite the
program should an abnormal execution state occur.

5. Field observation of measurements: The ability to contin-
uously observe sensor measurements on a display, in engineer-
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FIGURE 1 Generalized data acquisition sequence.

ing units, provides an invaluable tool for on-site system ver-
ification. Observing the processed values stored in internal
memory is also necessary.

6. Sensor compatibility: Direct connection and measure-
ment of sensor signals without external signal conditioning
circuitry reduce cost, complexity, measurement error, and
power requirements. The datalogger’s ability to resolve signals
to the required measurement precision dictates the choice of
SEnsor.

7. On-site processing: Field processing reduces data storage
requirements, scales linear and nonlinear sensor signals to
engineering units, and provides logic decisions for control
applications.

8. Remote communication capability: The need for real-
time data collection is obvious in hazard waming applications
such as flood forecast, but the expense of site visitation often
makes telephone, radio, or satellite links cost-effective even
when real-time data are not needed. Remote collection of the
data allows verification of the system at any time. Experience
has indicated that significant communication features should
include two-way communication, with error checking and de-
tection that result in retransmission in the event of errors. The
datalogger should contain internal data storage so data can be
retrieved later in the event the communication link is tem-
porarily disabled. The ability to remotely change or restore
programs or initiate control functions at the datalogger site is
also desirable.

SENSOR COMPATIBILITY

A sensor possesses a property that changes in a known way
with changes in the physical parameter being measured. For
automated data acquisition purposes, changes in the property
must result in an electrical signal. The condition of the mea-
sured physical parameter may be related to one of several
electrical properties: voltage, current, resistance, frequency,
AC impedance, capacitance, inductance, phase, and so forth.
Table 1 gives several sensors used in soil stability work and
their electrical property.

Except where noted, all of the sensors in Table 1 can be
measured directly by a datalogger that makes voltage and
frequency measurements. Resistance signals are converted into
voltages using bridge completion resistors and precision bridge
excitation voltages sourced by the datalogger. Current signals
are converted to voltage signals by means of a shunt resistor.
Although there are several complex sensors, which require

extensive signal conditioning, there are many useful sensors
that can be measured directly without additional circuitry by
dataloggers with the following features:

1. Low input voltage noise: Thermocouples, remote tem-
perature detectors (RTDs), and strain gauges require input
noise levels in the submicrovolt range.

2. High-resolution analog to digital conversion: Resolution
is often more critical than accuracy when changes in time or
between sensors are desired. A resolution of 1 part in 15,000
(14 bits) measures a pressure sensor with a full-scale range of
15 m (50 ft) to 1 mm (0.04 in.) of water.

3. Programmable voltage gain: To maintain resolution, se-
lectable full-scale input ranges from a few millivolts (metal foil
strain gauges) to several volts are required.

4. Switched excitations: Power consumption is reduced by
applying resistance bridge excitations at the time of measure-

TABLE 1 SLOPE STABILITY SENSORS
Parameter Sensor Signal
Water height and Strain gauge Ohms
pore pressure Vibrating wire Frequency
Barometric pressure  Potentiometer Ohms
Strain gauge Ohms
Vibrating wire Frequency
Linear motion Potentiometer Ohms
LVDT4 V-ratio
Incremental encoder Frequency
Inclination Elcctrolyticb Volts
Potentiometer Ohms
Velocity and flow Incremental encoder Frequency
Switch closure Frequency
Magnetic pulse Frequency
Deformation Strain gauge Ohms
Temperature Thermistor Ohms
Thermocouple nv
RTD Ohms
Silicon solid-state devices
AD590 PA
Silicon diode HA
Precipitation Potentiometer Ohms
Switch closure Frequency
Soil moisture AC conductivity Ohms

21VDT = linear voliage displacement transducer.
Requires extensive signal conditioning.
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ment only. Resistance measurements made as the ratio of the
bridge voltage to the excitation voltage remove the inaccuracy
of the voltage reference from the measurement if the excitation
and voltage measurement use the same voltage reference.
Switching excitation polarity eliminates thermal electromag-
netic frequency errors in low-level bridge measurements. If the
measurements are fast enough and the excitation at both polar-
ities is symmetrical in time and magnitude, the same device can
be used to measure AC conductivity. These types of measure-
ments are needed for soil moisture blocks and water
conductivity.

5. Frequency counting: A switch bounce elimination circuit
and an amplifier for low-level AC signals are needed. Dedi-
cated counters are required for low-frequency asynchronous
events. Period averaging is required for accurate measurement
of a limited-duration signal such as that from the vibrating-wire
transducer.

ON-SITE PROCESSING

The advantage of processing measured values to obtain more
efficient data storage has been mentioned. Data compression is
particularly important in remote applications, where site visita-
tions are costly. Processed results such as averages, standard
deviations, and extremes or values recorded conditionally at
designated times, events, or when changes occur all reduce data
storage and handling logistics.

Linear calibration constants are entered into the datalogger
to convert measurements into engineering units immediately.
The datalogger displays the sensor signal in engineering units,
which enables the user to verify the correctness of the signal
and its conversion. Field calibration of sensors is possible.
User-entered polynomial coefficients are used to linearize non-
linear measurements. Linearization and the scaling of sensor
outputs into engineering units make it possible to correct sensor
readings on site (e.g., correcting a piezometer reading for
barometric pressure yields pore pressure). Nonlinear signals
converted to engineering units can then be averaged, but in
their nonlinear form they cannot. The ability to convert sensor
signals into correct engineering units is most useful when
verifying the performance of the sensors and the datalogger in
the field.

The ability to compare values or time with programmable
limits and make decisions provides useful control functions
such as sampling at a faster rate, measuring a selected sensor,
or initiating a radio or telephone communication for an alarm
message.

REMOTE COMMUNICATION CAPABILITY AND
DATA RETRIEVAL

Remote communication and data retrieval are possible over
hard wire, telephone lines, radios, and satellite. Data retrieval is
also possible via memory module and cassette tape.

Remote communication through most devices has been im-
proved by the addition of large amounts of intemal memory for
final data storage. The storage of data at the remote site permits
the retransmission of data when error detection and correction
routines fail or when data are missed by the computer. The
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speed of remote data transmission has also been improved by
the use of a binary format that increases the effective transmis-
sion rate fivefold.

The advantages, limitations, and new developments in re-
mote communication over hard wire, telephone lines, radios,
and satellite follow.

1. Hard wire: A shielded pair of twisted leads (user in-
stalled) could be used in conjunction with a set of modems to
connect one or more dataloggers to a computer. High baud
rates are possible over short distances, but high cable costs are
likely by the time the 5-km (3-mi) limit is reached.

2. Telephone lines: 300- and 1,200-baud DC-powered mod-
ems that meet the environmental requirements are available.
The modem and telephone line combination allows remote
communication over long distances as long as the line quality is
“good.” Long-distance telephone charges and installation
costs at remote locations could limit the feasibility of this
method for some sites. All things considered, telephone lines
are one of the most reliable and least expensive methods of data
transfer available.

3. Radio: Radio transmission is often the most practical
solution to the problem of remote communication in rugged
terrain. Data transmission over distances of 40 km (25 mi) is
possible with good “line of sight” on voice grade radios. Any
station can be used as a repeater to extend the range of a
network to 200 km as long as the maximum distance of 40 km
between stations is observed. As many as 255 stations are
accessible on a single frequency. Data throughput rates can be
as high as 30 values per second. Radio transmission may be
combined with telephone line transmission [e.g., communicate
32 km (20 mi) over rugged terrain via radio, link to a telephone
line, and then communicate 320 km (200 mi) via telephone to
the computer].

4. Satellite: A small number of geostationary orbit earth
satellite channels are available. Many of these are reserved for
government agencies. Transmission rates are currently limited
to 30 data values every 3 hr. A faster earth station computer and
new satellites should improve channel availability and data
transmission rates. Satellite transmission works well for ex-
tremely remote sites.

If immediate data transfer is not a requirement, data may be
transferred back to a computer more economically by hand
carrying the data in a solid-state memory module or on a
cassette tape. Data storage capacity on a cassette tape is
180,000 processed values. Storage capacity of the different
storage modules is 32,000, 60,000, and 360,000 processed
values.

CURRENT APPLICATION

The datalogger was used to study a mudslide located in Steed
Canyon above Farmington, Utah. Five semiconductor strain
gauge piezometers were used to measure pore pressure. Move-
ment and tilt were measured with a potentiometric extensiome-
ter and a potentiometric inclinometer. Air temperature was
measured with a thermistor, precipitation was measured with a
tipping bucket rain gauge, and barometric pressure was mea-
sured with a capacitance type of transducer. The barometric
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pressure reading was subtracted from the pore pressure read-
ings to remove atmospheric pressure fluctuations. Data were
normally recorded every 6 hr. When changes in any of the pore
pressure readings exceeded 1.3 cm of water in a 5-min time
period, the data were recorded every 5 min. The datalogger was
located in a small, unheated enclosure. The minimum outside
air temperature recorded during the winter was —24°C at the
site. A lead-acid battery about half the size of a car battery
powered the datalogger the entire season. During the first year
data were stored in memory and on cassette tape. The second
year data were transmitted via satellite.

SUMMARY

Technological developments have led to the creation of new
instrumentation for automating the measurement of soil sta-
bility parameters. The special design features required for unat-
tended operation in remote outdoor environments have been
discussed.
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Special features in these small, low-power dataloggers have
made them capable of direct measurement of resistance sen-
sors, current sensors, and signals from voltage and frequency
sensors. This measurement capability allows accurate sensing
of stability and movement of a slope as well as weather factors
that affect its stability. Direct measurement of these sensors
reduces the complexity and cost of the system.

The processing capability of the dataloggers allows conver-
sion of all signals to meaningful engineering units. The signals,
now in engineering units, are then compared with fixed values
or other signals to determine whether an alarm should be sent,
additional sensors measured, or data recorded more frequently.

Remote communication and data transfer capabilities are
improved in the new instrumentation. Instrumentation and soft-
ware have been developed to allow data transfer via hard wire,
telephone lines, radios, and satellite. Data transmission speed
and reliability have also been improved.

Publication of this paper sponsored by Committee on Soils and Rock
Instrumentation.
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Acoustic Monitoring of Landslides

DaviD M. JUrRiCH AND RUSSELL J. MILLER

Three active landslides located in Eagle County, Colorado,
were monitored with an acoustic emission (AE) recording de-
vice for an 8-month period beginning in January 1985. AE
monitoring devices are used to detect the transient elastic
waves generated by the release of energy within a material
undergoing failure. The slides were also instrumented with
groundwater observation wells and inclinometer boreholes.
Groundwater data and displacement measurements gathered
from these devices and data collected from surface movement
observations were correlated with the AE data. Significant
increases in levels of AE activity were recorded at least 30 days
before the observation of movement at each of the slides. Rises
in groundwater levels recorded at many of the observation
stations appear to have triggered the slides. AE signals re-
corded after the initial failure of the slides correlated with the
rates of movement measured at surface displacement observa-
tion stations. This study has successfully demonstrated the
ability of a properly installed AE monitoring system to detect
premovement stresses In soil slopes. AE can be used as an early
warning system to reduce hazards to life and property on high-
risk soil slopes, road cuts, tailings dumps, dams, foundations,
and other civil structures.

In this paper are presented the results of an analysis of three
unstable soil and talus slopes using acoustic emissions (AEs)
monitoring and traditional field techniques. This study was part
of a Colorado Division of Highways effort to characterize
landslides that are affecting major highways in Eagle County,
Colorado (Figure 1).

The ability to determine the state of stress and stability of a
soil mass has been a primary objective of the engineering
community for many years. Instruments such as inclinometers
and tiltmeters yield valuable information about the direction
and amount of movement in a failing earth slope. However,
they are limited to measuring movements after failure has
begun. There exists a need for easily applied and inexpensive
instrumentation technologies that can monitor the relative in-
stability of a soil structure before failure.

BACKGROUND

AEs have also been called microseismics, microsonics, and
subaudible rock noise (SARN). These phenomena have been
defined as “the transient elastic waves generated by the rapid
release of energy within a material” (7). One of the first

D. M. Jurich, Stone and Webster Engineering Corporation, 800 A
Street, Anchorage, Alaska 99701. R. J. Miller, Colorado School of
Mines, Golden, Colo. 80401.

discoveries of acoustic emissions was made in the late 1930s
by the U.S. Bureau of Mines. Researchers found that the
quantity and duration of bursts of seismic energy in under-
ground mines were a function of the state of stress of the rock
(2).

AE monitoring has also been used by researchers to investi-
gate failure in other media such as metals, concrete, and com-
posite materials (3, 4). Recently, researchers have been inves-
tigating the possibility of adapting this technique to the
evaluation of soils (5). AE monitoring has proven effective in
the following fields:

e Soils
Dams, embankments, cuts, fills
Settlements
Lateral movement
Laboratory

s Rock
Mine safety
Subsidence
Open cuts

e Civil Structures
Concrete
Steel

e Other
Avalanche control
Composite materials

Characteristics of Acoustic Emissions

Acoustic emissions, as do all seismic signals, occur as wave-
forms that are characterized by transient displacements on the
order of 0.00000001 in. and frequencies of 10 to 1,000,000
cycles per second (1). A record of acoustic emissions generally
consists of individual bursts or events separated by periods of
relative quiescence (Figure 2). Each event is composed of a
series of counts. AE monitoring systems record the number of
seismic events and counts per sample interval that equals or
exceeds a preset signal threshold level.

AE signals are emitted over a wide range of frequencies, and
monitoring systems must be tailored to the material under
investigation (6). Figure 3 shows how AE frequencies compare
with other types of ground vibration studies and how charac-
teristic AE frequencies vary with types of material.

Acoustic Emissions in Soils

Friction is probably the most dominant mechanism for the
release of acoustic energy in soils. As an unstable soil mass
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fails, individual particles of material in the failure zone or
zones abrade one another (Figure 4). This abrasion releases
energy in the form of heat and acoustic emissions.

Acoustic emissions are rapidly attenuated in unconsolidated
materials. The signal-sensing instruments must therefore be
positioned close to the source of the AE activity. Because
failures in soils are often deep-seated, high modulus wave-
guides are used as a path to transmit the AE events to an
accessible surface location. Waveguides can include metal tub-
ing or reinforcing bars that are positioned to intercept the
potential failure surface (Figure 5).

\ /
EVENTS

COUNTS

THRESHOLD l

BACKGROUND
NOISE

o]

FIGURE 2 Elements of acoustic emission event.

Monitoring Equipment Used in This Study

The AE monitoring system used for this project consisted of (a)
an accelerometer with a 30-kHz resonance frequency, (b) a 15-
to 45-kHz bandpass filter, and (c) a signal conditioning and
analyzing unit. The system was equipped with variable gain
and sampling rates, an adjustable threshold setting, and a digi-
tal display. Steel pipes !/ in. in diameter were chosen as
waveguides for this investigation and doubled as groundwater
observation wells. The accelerometer was shielded from stray
airborne acoustic signals, Figure 6 shows photographs of a
typical AE monitoring station.

DESCRIPTION OF STUDY AREAS

A reconnaissance trip was made to each of the study areas to
identify locations for AE and groundwater observation stations.
These locations were grouped near the crown, middle, and toe
areas of each slide. An additional monitoring station was lo-
cated outside the boundary of each of the slides so that back-
ground AE activity recordings could be made during the course
of the study for comparison with the landslide AE activity
readings. Finally, a location for at least one inclinometer hole
per slide was identified. Installation of these monitoring sta-
tions was accomplished in the winter of 1985.

Battle Mountain Slide

The Battle Mountain slide is located on US-24, 2 mi south of
Minturn (Figure 7). This is a deep-seated rotational failure in a
red, micaceous, sandy, clayey silt. In previous years this slide
had been stable throughout the winter and subject to severe
movement in the spring and summer. Several groundwater
observation wells had been installed and it was known that the
level of groundwater in the landslide fluctuated with the sea-
sons, with highs recorded in the spring and summer and lows
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occurring in the fall and winter. Six combination AE and
groundwater observation stations were installed at the Battle
Mountain study area (Figure 8).

Vail Slide

The Vail landslide is located on the north side of the westbound
lanes of Interstate 70 in East Vail (Figure 9). The slide appears

e L SMegs
i"‘-{%ﬁm E \ St T e o R, -

FIGURE 6 Photographs of typical AE monitoring station.
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to have two divergent directions of movement with the western
half of the slide moving slightly to the west and the eastern half
of the slide moving slightly to the east. Although the data are
incomplete, features identified in both halves of the slide indi-
cate that the western portion is failing in a fairly deep rotational
fashion and the eastern half, located outside the array of AE
monitoring stations, is failing as a series of wedges of soil
(slumps) caused by the oversteepening of the tow of the slope
during highway construction. The soil at this site is a red
micaceous silt containing occasional clasts of feldspathic sand-
stone (Figure 10). The Vail landslide was instrumented with a
total of five combination AE and groundwater observation
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stations, one inclinometer hole, and six electronic distance
measuring stations.

Wolcott Slide

The Wolcott slide is located along the Interstate 70 right-of-
way 1.5 mi east of the Wolcott exit (Figure 11). This slide is
traceable across both the east- and the westbound lanes of I-70
as well as the frontage road (US-6). This site has been sub-
jected to recurrent movement every spring for the past several
years.
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Topographical map of the Vail slide and surrounding area.
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Six AE and groundwater observation stations and three in-
clinometer holes were installed at the Wolcott slide (Figure 12).
All of the holes drilled at the Wolcott slide penetrated a thin
mantle of soil underlain by a gray sandy silt, a massive
quartzose sandstone, and thinly bedded gray silty shales.

Inclinometer readings identified a shallow dip-slope failure
zone located in the thinly bedded shales. The hummocky tex-
ture of the study area and surrounding slopes indicates that the
Wolcott slide is one of many failures that have occurred along
slip surfaces found within the thinly bedded shales.

Movement of the slide was probably triggered by rising
groundwater levels during spring runoff. Stability is further
reduced by the erosive action of the Eagle River at the tow of
the slide. Periods of maximum erosion occur during the high-
runoff season (Figure 12) (7).

Summary Comparison of Study Sites

The Battle Mountain and Vail slides are deep-seated rotational
failures of soil and colluvium. The Wolcott slide is a shallow
dip-slope failure that is moving along a bedrock-controlled
failure surface. Movement of all three slides appears to be
triggered by rising groundwater associated with spring runoff.
These slides provided an excellent opportunity to characterize
AE in a variety of geologic conditions.
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U.S. Highway 6 —*
Irrigation Canalm

« CSM-1 AE / Piezomeler Station

s g Inclinometer
-« RR Movement Measurement SCALE
Location = e =
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FIGURE 12 Map of the Wolcott slide with AE station
locations.
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DATA COLLECTION AND ANALYSIS
Installation of Monitoring Systems

One-half-inch steel pipes were slotted and placed in 4-in. drill
holes to form combination groundwater observation wells and
continuous waveguides from the surface to bedrock. The holes
were backfilled with sand to ensure proper coupling of the
waveguides with the surrounding soil.

Data Collection Procedures

The signal threshold level and gain (signal amplification factor)
were set and recorded to facilitate comparisons among record-
ing sessions. Fifteen 1-min intervals of acoustic emissions were
recorded at each of the observation stations. Weather and
ground conditions, groundwater levels, and highway traffic
levels were recorded in order to evaluate the sensitivity of the
monitoring system to environmental conditions.

Methods of Data Analysis

Individual readings of the number of counts and events re-
corded for each 1-min sample were averaged for each observa-
tion period to obtain representative levels of AE activity. The
average AE counts and events data and the ratio of counts per
event were then plotted at the proper calendar date for each
observation station (Figure 13).

These data plots were correlated with data collected from the
other types of instrumentation installed at each of the study
sites (Figures 14 and 15).

RESULTS
Analysis of Acoustic Emissions Counts and Events Data

The number of AE counts and events recorded in the months of
February and March was quite low (Figure 13). These low
levels of activity, generally less than 100 counts per minute,
represent baseline values considered characteristic of a stable
condition as recorded at the control stations located outside the
slides.

AE activity increased in March and April. These increases,
representing changes in the stability of the slides in response to
rising groundwater levels, were recorded at least 30 days and as
much as 50 days before any movements were observed at the
slides. The amount of such advance waming varied among
stations within each slide, and significant increases in AE
activity were not recorded at every observation station. This is
because different portions of the slides experienced different
loading conditions and moved at different rates as verified by
field observations.

The ability to identify changes in AE activity was a function
of the observation interval used in this study. The observations
were made monthly in the winter, biweekly in the spring, and
weekly in the summer. Because increases in AE activity re-
corded before failure were measured in the spring when data
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were collected on a biweekly basis, the exact time at which AE
activity increased might have been as much as 13 days before
the date recorded. A more detailed analysis of slide activity
would suggest the use of a continuous monitoring system.

After the initiation of movement, AE activity continued to
increase at many of the observation stations, but in some cases
AE activity dropped off to relatively low levels. These different
responses of the AE monitoring system to the initiation of
movement appear to be a function of the mode of failure
experienced at the slides.

Observations of displacement recorded by Shine (8) at the
Battle Mountain slide revealed that movement was sporadic
with periods of high rates of movement followed by periods of
relative quiescence. This pattern of movement, commonly re-
ferred to as stick-slip, was identified in the records of AE
activity collected at several observation stations at the slides
(Figure 15). AE activity reached a maximum in mid-June that
coincided with the maximum rate of movement of the slides.

Analysls of Acoustic Emissions Average Counts per Event
Ratio Data
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Before failure, plots of the average AE counts per event (C/E)
ratio are significantly different from the plots of either the AE
counts or events data. For example, at Battle Mountain slide
Station CSM-1, a gradual increase in both the number of AE
counts and events was recorded, whereas the C/E ratio shows a
low level of activity followed by a marked increase (Figure
13). This dramatic increase occurred about 50 days before the
first observed movement of the slide. Subsequent C/E ratio data
closely correlated with the rates of movement of the slides.

The C/E ratio offers an additional measure of relative sta-
bility and appears to provide a more sensitive precursor to

first observed movement of slide). movement.
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Mountain slide Station CSM-1.
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CONCLUSIONS AND RECOMMENDATIONS

Acoustic emissions monitoring systems installed in three dis-
tinctly different landslides accurately tracked changing condi-
tions of stability. Increases in AE activity were recorded at least
30 days in advance of movement at each of the slides.

The location of AE observation stations at a study site is
critical for recording representative data. Because acoustic
emissions monitoring systems are extremely sensitive, they are
also sensitive to many other acoustic signals. An AE monitor-
ing system should include shielding and filters to eliminate
noise from unrelated sources such as highway traffic and run-
ning water.

Relatively large areas can be monitored with a few carefully
placed observation stations. The !/2-in. steel pipes used as
waveguides in this study were effective in transmitting low-
level AE signals from deep-seated failures to sensors located at
the surface.

Several methods of analysis should be used for a thorough
evaluation of AE data. The number of AE counts, the number
of AE events, and the ratio of average counts per event all
describe different aspects of the quantity and duration of AE
activity and hence slope stability.

An accurate record of changes in slope stability depends on
the frequency of observation. Continuous monitoring of AE
activity during critical periods would provide the most detailed
record of changes in slope stability.

Monitoring of AE activity at stabilized sites would be useful
for determining the long-term success of corrective actions and
could be used to identify local areas within a site that might
require additional attention.

Although this study was limited to landslides, AE monitor-
ing can readily be applied to other areas. Tailings dumps, dams,
and foundations are a few examples of potentially high-risk
structures that can be effectively evaluated with AE monitoring
systems.
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Use of Time-Lapse Movie Photography in

Landslide Monitoring
EpWIN P. BELKNAP AND JOHN B. GILMORE

In this paper is described the use of time-lapse movie pho-
tography to monitor the Muddy Creek landslide near Paonia,
Colorado, during a 7-week period in the spring of 1986. Prob-
lems encountered in installation and operation of the equip-
ment are discussed, and improvements in techniques and cam-
era equipment are suggested.

Analysis of landslides by time-lapse photography provides the
geoscientist with a unique perspective not apparent to the
observer on a day-to-day basis. The method enables the study
of the development and evolution of an unstable landmass as
they actually take place and provides a useful supplement to
traditional surface and subsurface geotechnical instrumenta-
tion. Because a camera can be installed quite quickly, the
method can be used to provide information during the some-
what longer period required to install conventional observation
instrumentation on rapidly moving slides. The quantity of in-
formation and the amount of detail obtained far exceed those
available from any other method.

The Muddy Creek landslide along CO-133 near Paonia,
Colorado, proved to be an excellent candidate for this study.
The slide was large and fast moving, attaining a rate of almost 1
ft/hr in its early stages (J. Rold, Muddy Creek Slide Movement,
Gunnison County. Unpublished Colorado Department of Natu-
ral Resources Memorandum to Governor Richard Lamm, May
1, 1986). The movement threatened not only burial of the
highway but closure of the valley of Muddy Creek, with resul-
tant impoundment of the stream flow and a threat to the safety
of the Paonia Dam and Reservoir a short distance downstream.
The film provided a record not only of the slide movement but
also of the activities of the Colorado Department of Highways
(CDOH) in preventing closure of the Muddy Creck Valley.

Other important information obtained from study of the film
included (a) an estimated rate of landslide movement; (b)
amount of total landslide movement; (c) information concern-
ing local topographic changes and the development of dan-
gerous situations not visible to those in the work area; (d)
detailed observations of the contractor’s operation, including
progress in keeping the river channel open and reconstructing
the highway embankment; and (e¢) daily weather conditions.

Colorado Department of Highways, 4340 East Louisiana Avenue,
Denver, Colo. 80222,

MUDDY CREEK SLIDE

The landslide is located in Gunnison County, Colorado, about
10 mi west of McClure Pass between the towns of Redstone
and Paonia (Figure 1).

Bedrock of the Muddy Creek area consists of upper Cre-
taceous sandstones of the Ohio Creek formation unconforma-
bly overlain by mudstones, claystones, and shales of the lower
Tertiary Wasatch formation. During the late Tertiary, the entire
sedimentary sequence was intruded, uplifted, and gently tilted
westward by the Ragged Mountain laccolith (1), forming a
slope of from 12 to 14 degrees on the eastern side of the valley
where the landslide is located.

The Muddy Creek slide is an extremely large complex of
individual slides that originated in the sloping beds of the
Wasatch formation at the foot of the Ragged Mountains. It is
approximately 12,500 ft long by 5,200 ft wide, with an average
estimated thickness of nearly 100 ft. The area of failed material
is more than 1,500 acres and volumetrically encompasses ap-
proximately 140 million cubic yards (B. K. Stover, verbal
communication, 1986). The slide is quite old and only minor
movements associated with spring runoffs had been reported in
historic times. The rapid movement in the spring of 1986 was
apparently triggered by abnormally large snowpacks in the
Ragged Mountains during the previous three winters. Past
movement of the slide has forced the channel of Muddy Creek
to the extreme western edge of the valley, where it has cut cliffs
more than 100 ft high into the alternating sandstones and shales
of the Ohio Creek formation. CO-133 is located along the west
side of the stream between the channel and the cliffs. The
distance between the slide toe and the cliffs ranges from 60 to
100 ft and the height of the toe from 35 to 40 ft along a 5,000-ft
section of the road where the rapid movement of the slide
threatened to close the road and dam the valley. It was this area
that was photographed with the time-lapse cameras (Figure 2).

The rapid movement of the slide was discovered on April 29,
1986, by CDOH maintenance personnel, and two backhoes
were immediately dispatched to the site. Movement of the slide
toe had compressed the stream channel against the highway
embankment to a width of less than 20 ft. This made it possible
for the backhoes to reach across the stream from the road and
scale material from the advancing toe into the creek, which
carried it away downstream. Four more backhoes were soon
added and additional construction equipment was brought in to
raise the grade of the embankment, which was being eroded by
the stream. Movement of the slide was also raising the grade of
the stream, which threatened to flood the roadway. This work
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continued on a 24-hr basis until June 23, at which time the
grade had been raised approximately 40 ft and the slide move-
ment had essentially stopped.

CAMERA SYSTEM

Two Kodak Analyst Super 8 time-lapse movie cameras were
used in this study. The cameras, which are no longer manufac-
tured, had been acquired at a govemment surplus outlet ap-
proximately 3 months before their installation on this project.
Markings on the boxes indicated that the cost of the cameras in
1973 was $175. Both came equipped with soundproof and
weatherproof covers (Figure 3).

Features of this camera include a variable focal length 13
mm to 28 mm /1.9 zoom lens, which permits latitude in %
selection of the field of view. Power can be supplied by 110-
volt household current through an accessory transformer or, for cover.
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remote operation, by four size AA 1.5-volt dry cells. Three of
the cells power the film advancement motor and the fourth cell
operates the automatic exposure control system. The camera is
also equipped with a manual focusing adjustment, an end-of-
film indicator lamp, an exposed-film indicator window, and a
slide for adjusting the field of view through the reflex view-
finder. Rate of operation ranges from one frame every 1'/s sec
to a maximum of one frame every 90 sec. The camera is
designed to accept a standard Super 8-mm film cartridge con-
taining 100 ft of film, but, because these are no longer avail-
able, 50-ft rolls were used. Depending on the frame rate se-
lected, these permit continuous operation for periods ranging
from 1%/4 to 90 hr. The cameras used in the study are equipped
with a mounting bracket that includes a gimbal, which permits
the cameras to be adjusted horizontally or vertically. The upper
part of the bracket contains a threaded socket hole for standard
tripod installation, and the lower part has four holes to allow
attachment to a mount with nails or screws.

The cameras use Kodachrome Super 8 ASA 40 or Ek-
tachrome ASA 160 Type G Super 8 color film, both of which in
the Denver area cost $9 per roll. Processing charges are approx-
imately $5 per roll. Kodachrome requires shipping to a Kodak
Regional Center for processing whereas Ektachrome can usu-
ally be developed locally.

CAMERA INSTALLATION

To obtain an adequate field of view, it was necessary to locate
the cameras above and at some distance from the portion of the
slide being photographed. Two sites were selected on the cliff
west of the highway, which had previously been cut and
benched north of the area where the roadway grade was being
raised. One camera was positioned on one of the cut benches
and the other was placed several hundred feet west and higher
on the slope. Both were pointed south, which avoided problems
with the rising or setting sun, and both were centered on the
same scene with the high camera providing a wider field of
view than the lower one (Figure 4).

At the time of installation, both cameras were thought to be

FIGURE 4 Field of view from high camera location;
protective box is visible in lower right corner.
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well outside the area of construction although this later proved
to be incorrect in the case of the low camera.

Because the cameras were installed on quite short notice
there was no time to prepare field mounts ahead of time, and it
became necessary to improvise these on the job using survey
lath, duct tape, and steel reinforcing bars. The resulting mounts
appeared to be reasonably stable (Figure 5), but an unantici-
pated problem, described in the next section, was discovered
during examination of the early pictures.

FIGURE 5§ High camera installation showing wooden
mount.

After the cameras had been mounted, the shutter rate was set
at one frame every 90 sec. The rate was then checked for
accuracy with a watch to ensure that the rate was not actually

faster than indicated, which would mean that the film might run
out before the camera was serviced. Both cameras were found

to be operating somewhat more slowly than indicated, with
between-frame intervals of 99 sec and 105 sec, respectively.
Because a 50-ft roll of film provides a run time of 99 hr at the
rate of one frame every 99 sec, this allowed an interval of 4
days between film changes. This time interval allowed most of
the film in the cartridges to be used yet provided a moderate
margin of safety. The manufacturer’s instructions stated that a
iresh set of batteries would last through two 100-ft roils of film,
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but it was decided that a battery change with each film change
would provide inexpensive insurance against loss of coverage.

To provide an easily identifiable reference point in the pic-
tures, a target consisting of an orange safety vest strung be-
tween two survey laths was driven into the ground at the
location shown in Figure 2, near the toe of the main element of
the landslide. This was unfortunately removed by construction
activity early in the project, but during its brief existence it
provided the marker that was later used in determining the rate
of movement of the slide.

FILM RECORD
Features

Filming was started on May 4 and continued with a few minor
interruptions through June 24, producing an essentially contin-
uous record of both slide movement and construction activity
throughout the 52-day period. The 13 rolls of film that were
obtained from each camera were edited and spliced together in
chronological order for analysis. An attempt was made to copy
the low camera record on videotape, but the results were
considered unsatisfactory because of poor color rendition and
loss of definition. The film was later transferred to 16-mm
format for more effective presentation.

Examination of the film shows that both cameras performed
remarkably well in spite of changing weather, temperature, and
lighting conditions. Color rendition and exposure were good
and image definition was as sharp as could be expected from
the type of equipment used. Mist or frost on the lens in a few of
the early moming sequences degraded the image quality but
dissipated rapidly as the sun rose.

Several interesting features of both the landslide and the
associated construction activity were recorded on the film, The
orange target vest could be observed to change position
through the day during the first few weeks of filming, and trees,
boulders, and large pieces of landslide material could be seen
falling into the creek as the slide advanced. A few days after
the beginning of construction activity, two bulldozers were set
to work on the east side of Muddy Creek, scraping material
from the surface of the slide toe and pushing it into the stream.
As the cleared area increased in size, a pattern of small con-
centric cracks appeared in the bare ground near the edge of the
toe and continued to expand in size and complexity for several
days until obliterated by the equipment. Two small ranch ponds
noted close to the edge of the toe were judged to pose hazards
to the construction if they should suddenly breach into Muddy
Creek, and the bulldozers were used to cut trenches to drain
them into the stream. The film shows the construction of the
trenches, and a rapid flow of water from one of them is briefly
visible. Another, rather odd, sequence shows a small tree on the
side of the pond opposite the camera actually moving past the
pond. Although not apparent on the film, a longitudinal crack
separating two lobes of the slide was present between the pond
and the tree, and the lobe carrying the tree was moving at a
faster rate. This shear is designated “Master Shear” in Figure
2.

The roadway construction activity is shown in interesting
detail. Lifts of embankment material advance rapidly down the
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roadway ahead of the equipment, and the increase in embank-
ment height can be measured by comparing the daily changes
in vertical distance between the grade and fixed objects on the
adjacent canyon wall. At a curve in the stream, the portion of
the channel visible to the camera can be seen to alternately
constrict and widen as the slide advances and the backhoes
remove additional material. At one point, because of topogra-
phy and camera perspective, the channel appears to close
completely as the backhoes fall behind schedule. The nighttime
sequences show stationary construction lamps and moving ve-
hicle headlights and include a brief interval about halfway
through each night when all of the headlights stop simul-
taneously while the crews eat lunch. The amount of detail
shown and the possibility of correlating this detail with given
days and even times of day suggest that the method could also
be an effective tool for construction monitoring. A record of
this type could be extremely useful in resolving owner-contrac-
tor disputes and avoiding expensive litigation.

Local weather conditions at the site were recorded as part of
the daily photographic record and included snow, rain, early
morning mist, wind, and passing clouds. Effects of precipita-
tion were not apparent in the day-to-day behavior of the land-
slide and its rate of advancement, probably because of the
relatively small amount of moisture and the time required for
precipitation to penetrate to the slip zone and generate a notice-
able reaction. The films do show that precipitation decreased
during late May and June, which probably helped slow the
movement of the landslide during this period.

During examination of the daily positions of the vest on the
film, it was noted that these occasionally showed retrograde, or
uphill, motion. After reviewing several possibilities to account
for this unlikely behavior, it was noticed that the aberration
appeared to occur during and after periods of stormy weather.
This suggested that the wooden survey laths of which the
mount was constructed might be warping as they underwent
periods of wetting and drying. Comparison of the position of a
stable reference point on the cliff face relative to the edge of the
picture confirmed that the camera was undergoing slow,
periodic, side-to-side movements after each storm. It was soon
discovered that small misalignments of the camera were also
resulting from removal and replacement of the cameras when
the film was changed.

Rate-of-Movement Determination

After the first rolls of film had been viewed, it was decided to
use the orange target vest to attempt a determination of the rate
of slide movement. This was done by projecting the film onto a
cardboard screen and marking the starting position of the or-
ange vest on the screen with a pencil. The position of the stable
point on the cliff was also marked on the screen. As the film
progressed and the vest moved across the screen, a new pencil
mark was added at the dawn positions of both observation
points for each subsequent day. To compensate for camera
movement, the horizontal and vertical components of the ap-
parent daily movement of both points were measured and the
true movement of the vest determined by algebraically adding
the apparent movement of the stable point components to the
respective components for the vest. The scale in the field of
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view near the vest was determined from the known length of
nearby heavy equipment.

As can be seen in Figure 6, plots of the movement deter-
mined by this method show close agreement with similar plots
of optical measurements taken by the Colorado Geological
Survey. The fairly consistent discrepancy separating the rate
curves is believed to result from error in scale determination of
the photography or from camera perspective angle (the line of
sight of the camera was not precisely perpendicular to the
direction of slide movement).

An estimate of the total cumulative distance moved was not
possible from the low camera film record because the camera
location was changed twice to accommodate construction.
Each movement changed the field of view and, along with it,
the location of the reference point. The high camera was not
moved, however, and a total horizontal movement of 125 ft
during the 52 days was estimated from this record. This value
was judged to be fairly accurate compared with a known
distance scaled from recent aerial photographs of the area.

PROBLEMS AND SUGGESTED SOLUTIONS

Although time-lapse photography provides a number of ob-
vious benefits, the system and methods used on the Muddy
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Creek project were found to have some disadvantages. All
appear to be easily correctable.

Camera Problems

One inconvenience is the lack of an automatic feature to turn
the camera on and off at appropriate times. Because of the
remote location of the Muddy Creek slide, daily visits to the
camera sites were not practical, and the cameras were allowed
to operate 24 hr per day. This increased film consumption by
approximately 40 percent and necessitated editing the night-
time sequences from the finished film.

To eliminate the need for an additional power source to
operate a timer at remote locations, a simple photoelectric
switch powered by the batteries in the cameras was developed
by the CDOH Physical Research Section. A circuit diagram is
shown in Figure 7. The switch, which consists of a cadmium
sulfide photocell, a resistor, and a thyristor, was assembled
from components obtained from Radio Shack at a cost of
approximately $2.50. A variety of CdS cells is available to
provide sensitivity to various intensities of light.

Although not a problem on the Muddy Creek project, the
maximum delay of 90 sec between frames could be a limitation
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FIGURE 7 Circuit diagram of photoelectric switch.

on other slides. Delays of as much as 15 min would be benefi-
cial in extending the coverage obtained on each roll of film and
would give additional flexibility in photographing other long-
term events that might be adequately recorded with fewer
frames per day.

Mounting Problems

The slight changes in camera alignment, which occurred during
film changes, would not constitute a problem if the only pur-
pose of the surveillance was to provide a visual record of slide
activity, although the resulting pictures would not transition
smoothly between rolls. However, if rate-of-movement curves
are to be plotted from the film record, misalignments will cause
inaccuracies in recording daily target positions, which must be
compensated by the method previously described. To maintain
a more consistent alignment between film changes, CDOH is
considering a simple gunsight arrangement consisting of two
vertical wires attached to the front and rear of the protective
case parallel to the optical axis of the camera. The sight would
be aligned on a fixed point at the start of filming and realigned
on the same point after every film change. A considerably more
accurate system would consist of mounting an inexpensive
low-power telescopic rifle sight on the case.

Changes in camera alignment resulting from warping of the
frame can also be compensated in the manner described, but
only if the fixed reference point remains within the field of
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view. To eliminate this problem, CDOH plans to use a length of
steel pipe mounted in a concrete-filled hole for future installa-
tions. This should provide a stable mount that can be readily
installed. A small platform welded to a pipe connector will be
fitted with suitable connections for mounting the protective
box. The platform and fitting can then be easily removed for
reuse at other locations while the pipe standard remains in
place.

A problem encountered on this project, which would prob-
ably occur only rarely but which should nonetheless be consid-
ered, is stability of camera location. When the cameras were
placed on the Muddy Creek project, project personnel provided
assurances that the locations would not be disturbed by con-
struction. However, it was shortly decided that the area in
which one of the cameras was located would be a good place to
obtain additional embankment material for the roadway grade
change. This required moving the camera. A few days later
additional material was needed, so the camera was moved a
second time. Although the cameras were realigned to approx-
imately the same orientation after each move, the change in
angle of aspect caused noticeable and disconcerting changes in
the continuity of the finished film. In the interest of obtaining a
smoothly continuous film record and avoiding the extra labor
of moving the equipment, it is important to select camera
locations that are the least likely to be disturbed by later
changes in plans by persons not involved in the photography.

Other Problems

A vital aspect of using photography as a measuring tool is
determination of image scale. This was not considered at the
outset of the Muddy Creek project although the need became
apparent as soon as the idea of constructing a rate-of-move-
ment graph was conceived. Fortunately, the construction equip-
ment visible on the film provided objects of known dimensions
whose images could be measured on the projection screen, but
this would not necessarily be the case in all situations in which
the method might be used. For future projects, CDOH is plan-
ning to use targets made of plywood sheets of known dimen-
sions painted fluorescent orange. To provide backup in case of
removal of a target, as happened on this project, it is planned to
install a series of two or more targets spaced at measured
intervals along a line crossing the field of view of the cameras.
The well-defined edges of this type of target should increase
the accuracy of scale determinations made from the
photographs.

A potential problem, which was not encountered on this
project but which appears to be a likely possibility in the future,
is the effect of cold weather operation on the dry cell power
supply of the cameras. No record of the temperatures encoun-
tered during the May—June duration of the filming was avail-
able, but, given the elevation at the camera locations (6,700 ft),
it is likely that the temperature dropped slightly below freezing
for at least a few hours during some nights in early May. The
film has not been analyzed in detail for the effects of the lower-
temperature episodes, but there are some indications that the
filming rate may have decreased. It is thought that an external
power source would be advisable if the cameras are to be
operated for extended periods in temperatures below freezing.
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The department is considering use of a 6-volt motorcycle
battery equipped with a voltage divider to provide a higher
ampere-hour source. Another advantage of the motorcycle bat-
tery would be its ability to be recharged, which would eliminate
the expense of replacing the camera dry cells with every film
change as was done on this project.

Another potential problem that will undoubtedly be encoun-
tered sooner or later is security. The cameras would be a
tempting target for thieves or vandals and need to be either
carefully concealed or located in places difficult to access. Tall
poles have been used with success although ladders are re-
quired to service the cameras. Hard shelters can be considered
although these would not be completely safe from determined
persons even if access were difficult. No problems were experi-
enced on the Muddy Creek project because of the clifftop
locations of the cameras and the general remoteness of the area,
but these will not be the conditions in all areas where the
cameras will be used.

CONCLUSIONS

Experience gained with the use of time-lapse camera equip-
ment on the Muddy Creek slide has shown that the technique
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can provide an effective, economical observational tool that
can be used to measure rates of movement of relatively fast-
moving landslides. In addition to providing an amount of
detailed information not furnished by any other method, it also
provides a permanent, minute-by-minute record of all events
occurring within the field of camera view over extended peri-
ods of time. Observation of the details of the roadway con-
struction filmed during the Muddy Creek project suggests that
the method could be of value in construction monitoring as
well.
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Monitoring Landslide Movement with a

35-mm Camera

J. D. BALLANTYNE, D. R. DEAN, Jr., AND B. L. THOMPSON

The methods of analytical photogrammetry and microcomput-
er technology are combined to generate contour maps or cross
sections, or both, of landslides along roadways with minimal
conventional surveying. A conventional 35-mm camera and 8-
by 10-in. photographs are used for the mapping. A minimum
of two overlapping photographs are needed of the area to be
mapped. Also, a minimum of six well-distributed control
points are needed. Control points are points for which position
(X and Y coordinate pair) and elevation (Z) must be obtained
by conventional surveying techniques. The photogrammetric
model used is the direct linear transformation model. This
model uses x and y coordinates of corresponding images on two
or more photographs to determine the position and elevation
of such images in a ground-based coordinate system. A micro-
computer performs the calculations and an electronic digitizer
connected to the microcomputer is used to obtain the image
coordinates on the photograph. The output can be in the form
of a coordinate list of desired points, cross sections, a contour
map, or three-dimensional perspective plot. The graphics are
generated by a pen plotter connected to the microcomputer.
Studies indicate that the error vector at about 400 ft is 0.4 ft
for this system of mapping. A slope in distress can be
monitored over a period of time. To eliminate resurvey, the six
control points have to be located in a stable area.

A system for economically monitoring unstable slopes along
roadways would enable highway departments to predict where
to concentrate remedial measures for such slopes. This concept
provided the impetus for developing a monitoring system that
uses photogrammetric techniques and computer technology. At
the outset, the goal was to develop a mapping system that
would predict the position of points to within 1 ft. How the
system was developed, how it was tested, and how it is applied
in the field are described.

SYSTEM DEVELOPMENT
System Components
The mapping system includes two primary components, the

hardware and the software. The hardware consists of a 35-mm
camera (any amateur camera), a microcomputer, a monitor, a

J. D. Ballantyne and D. R. Dean, Jr., Department of Civil Engineering,
West Virginia University, Morgantown, W.Va. 26506-6101. B. L.
Thompson, Materials Control, Soil and Testing Division, West Vir-
ginia Department of Highways, 312 Michigan Avenue, Charleston,
W.Va. 25305.

digitizer, a printer, and a plotter. The microcomputer used with
the system software must have 256K of random access mem-
ory, two floppy disk drives, a color graphics adapter card, two
serial ports, and a parallel port. The hardware is “off-the-
shelf” equipment and would most likely be found in many
modemn design offices.

The software, which enables the system to be operational,
has two aspects. One is the software that performs the pho-
togrammetric calculations or reductions and the other is the
software that performs the graphics or display operations such
as outputting cross sections, contour maps, and perspective
views. Both the photogrammetric and the graphics software are
menu driven; that is, the user responds to prompts displayed on
the monitor in order to use the system once the fieldwork has
been done and photographs have been obtained. The graphics
software was obtained from the U.S. Geological Survey in
Denver, Colorado, as “freeware’” and was modified to include
the capability to output cross sections. The photogrammetric
software was developed by the authors using the direct linear
transformation (DLT) photogrammetric model developed by
Abdel-Aziz and Karara (/) and modified by Bopp and Krauss
(2). In addition, lens distortion terms, both symmetrical and
asymmetrical, developed by Brown (3, 4), were included in the
photogrammetric software. At this point a discussion of pho-
togrammetric theory may be in order.

Photogrammetric Theory

Photogrammetric calculations for the position and elevation of
points of interest may be thought of as involving two distinct
operations. The first one is called space resection and the other
is called space intersection. The resection calculations are per-
formed one photograph at a time and the outcome of the
calculations is the position and orientation of the camera. The
intersection calculations are performed with two photographs
and the outcome provides the position (X and Y) and elevation
(Z) for the points of interest. Note that the intersection calcula-
tions must be performed with two or more photographs in order
to determine the elevation and position of any point of interest.
The photographs must be obtained from different locations.

Consider a camera focused on a point on a landslide. If the
camera shutter is tripped, it is assumed that light will travel in a
straight line from the point on the landslide through the camera
lens to the film behind the lens and the point will then be
imaged on the film. Now consider two coordinate systems, a
two-dimensional system and a three-dimensional system. The
two-dimensional coordinate system is in the plane of the film
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and the three-dimensional coordinate system defines the posi-
tion and elevation of the point on the landslide. The former is
referred to as the photo coordinate system and the latter is
referred to as the object space coordinate system.

The photo coordinates of the image may be expressed as
functions of the object space coordinates for the point on the
landslide. These functions are as follows:

x = (L1*X + L2*Y + L3*Z + LA)/L9*X
+ L10*Y + L11*Z + 1)

y = (L5*X + L6*Y + L7*Z + L8)/(L9*X
+ L10*Y + L11*Z + 1) (¢))

where

[}

x and y photo coordinates of the image of
a point,

the object space coordinates of
an imaged point, and

the transformation parameters.

X,Y and Z

L1 12, ...,E11 =

The eleven transformation parameters (L1 through L11) are
functions of

e The position (X and Y) and elevation (Z) of the camera
lens in the object space coordinate system;

e The three orientation angles of the camera: one about the
photo coordinate x-axis (®), one about the photo coordinate
y-axis (¢), and one about the lens axis (x);

e The photo coordinates (x® and yw) of the principal point,
which is the point on the film where a perpendicular line from
the camera lens would intersect the film; and

e The focal length of the camera lens.

It should be noted that the 11 transformation parameters are
functions of only 9 camera orientation elements, which were
listed previously. This point will be considered again later.
When the transformation parameters are determined, the resec-
tion step will be complete.

How are the transformation parameters determined? First,
consider six points on the landslide or in object space and that
the position (X and Y) and elevation (Z) of these six points have
been determined by conventional surveying techniques. The
six points that have a position and an elevation determined by
conventional surveying techniques are called ground control
points. Next, the photo coordinates of the six control points are
measured. The mapping system under consideration measures
the coordinates with an electronic digitizer. Using the photo
coordinates and object space coordinates of the six control
points, 12 DLT equations, 2 for each point of the type in
Equation 1, may be written. These 12 equations include the 11
unknown transformation parameters as well as the photo coor-
dinates and the object space coordinates of the 6 ground control
points. A least squares technique is used to solve the redundant,
that is overdetermined, system of equations for the 11 unknown
transformation parameters.

After the transformation parameters have been obtained for a
particular photograph, they apply to any point imaged on that
photograph or film so the photo coordinates of images of other
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points of interest can be measured and substituted into Equa-
tion 1. Even when the 11 transformation parameters are known,
only two equations can be written for each image point, and
these two equations are not enough to solve for the unknown X,
Y, and Z for a point of interest. However, if a second camera
position, hence a second photograph, is used, the transforma-
tion parameters for the second photograph can be determined
as they were for the first photograph. Consequently, when the
transformation parameters of the first and second photographs
are known, four DLT equations similar to Equation 1 can be
wrilten for each point of interest, provided that the photo
coordinates of such a point are measured or digitized on each of
the two photographs. Again, with four equations and three
unknowns, redundancy exists so another least squares solution
for the X, Y, and Z of each point of interest is possible. Solving
the set of four equations for X, ¥, and Z for each point is known
as performing the space intersection mentioned previously.

In summary, the photogrammetric reductions or calculations
include two basic operations, space resection and space inter-
section. The resection operation requires the use of at least six
control points or points of known position and elevation in
object space to calculate the transformation parameters that are
unique to each photograph. The resection operation is per-
formed on one photograph at a time. The analytical intersection
operation requires the use of at least two photographs for which
the transformation parameters have been determined. The out-
come of the intersection operation is the X-, Y-, and Z-coordi-
nates for a point of interest in object space. In the next section
some numerical considerations in solving for the transforma-
tion parameters for each photograph will be addressed.

Numerical Considerations

It was pointed out in a previous paragraph that the 11 transfor-
mation parameters are functions of only 9 camera orientation
elements; consequently, the 11 transformation parameters are
not all independent. This was recognized by Bopp and Krauss
(2) and they developed two constraint equations to account for
the lack of independence of the 11 transformation parameters.
The use of constraint equations when calculating the transfor-
mation parameters makes the least squares solution more
rigorous. The authors used these constraint equations as well as
the DLT equations to compute the transformation parameters
by the method of least squares.

The DLT equations are nonlinear in terms of the transforma-
tion parameters; therefore, the Taylor series expansion includ-
ing only the first-order term was used to linearize the DLT
equations. A least squares algorithm was applied to the lin-
earized equations to arrive at a solution for the transformation
parameters. During the linearization stage, an approximation of
the transformation parameters is needed even before they are
calculated. For the DLT equations, the first approximation for
the transformation parameters may be set to zero. This is a
great advantage compared with another popular photogram-
metric model based on linearized collinearity equations. In the
case of the collinearity equations, all zero approximations can-
not be used for the camera parameters. The camera parameters
include the camera lens position and elevation, the photo coor-
dinates of the principal point, the focal length, and the three
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orientation angles. Realistic approximations must be sub-
stituted into the linearized collinearity equations before a solu-
tion can be obtained. A possible advantage of the collinearity
equations over the DLT equations is that because there are two
fewer unknowns, 9 versus 11, one fewer control point is
needed.

Solving the nonlinear equations for the transformation pa-
rameters requires an iteration technique whereby a least
squares algorithm is used to solve for corrections to the approx-
imations for the transformation parameters. The iterations are
continued until the corrections to the approximations are suffi-
ciently small to terminate the iterations and assume that a
solution has been obtained.

Software Coding

The photogrammetric software was written to include the the-
oretical considerations discussed. As mentioned before, the
software is menu driven and using it typically involves typing
in names of files that hold data or answering “yes” or “no” to
prompts for selecting options for weighting, constraints, lens
distortion correction, or output options. The photogrammetric
software also includes routines for reducing transit and stadia
notes in order to create data files that contain the object space
coordinates for the control points. These specialized routines
are addressed through the main menu that appears on the screen
when the program disk is ‘““booted.’”” The use of the electronic
digitizer to measure the photo coordinates of the images of
points and to place these coordinates in a data file is also
controlled by the photogrammetric software. The graphics soft-
ware operates completely independently of the photogram-
metric software, but it uses a data file created by the pho-
togrammetric software. It should also be noted that the data file
required by the graphics software may be created indepen-
dently of the photogrammetric software,

SYSTEM TEST

The goal was to develop a mapping system that would predict
the position of points to within 1 ft. Abdel-Aziz (5) developed
general equations to predict the accuracy of object space coor-
dinates derived from convergent photographs. However, the
equations were for points located at special positions within the
object space being measured. Points, for which coordinates are
desired, are frequently distributed throughout the photograph
so a practical test of accuracy for the system was needed. Also
unknown was the kind of accuracy that would be possible using
an electronic digitizer to measure photo coordinates on en-
larged photographs obtained from amateur or nonmetric cam-
eras. Consequently, a test field was established to test the
system. The test field is an array of points on the tower and east
wing of the Engineering Sciences Building at West Virginia
University. Test points are located at the corners of window
frame moldings and at other discrete marks present on the
building. The X-, Y-, and Z-coordinates of 47 such test points
were obtained by conventional surveying methods. A test of
the mapping system consists of comparing the X-, Y-, and
Z-coordinates for each point as determined by conventional
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surveying methods and as determined by photogrammetric
surveying.

Establishment of Test Points

The position of the test points on the Engineering Sciences
Building was determined from two baselines that were con-
nected by conventional surveying methods. The method of
angle intersection, both vertical and horizontal, was used to
determine the position of the test points. Because two baselines
were used, the position of each test point could be determined
by two independent sets of measurements and calculations;
thus a check for the position of each point was possible. As an
estimate of the test point position, the average of the two
independent determinations was obtained, and this average X-,
Y-, and Z-coordinate became the standard against which the
photogrammetrically determined values were compared.

The mean difference between the two independent conven-
tional determinations of the X-, Y-, and Z-coordinates for the
test points on the Engineering Sciences Building and the stan-
dard deviations of the differences of the X-, Y-, and Z-coordi-
nates are as follows:

Standard
Mean Deviation
Coordinate  (ft) )
X 0.006 +0.113
Y 0.037 +0.081
Z 0.003 +0.021

Some of the test points were used as required control points for
the photogrammetric reductions, but the points used for control
were not used in subsequent tests for accuracy.

Photogrammetric Procedures
Photography

Photographs were obtained with a 35-mm camera using black-
and-white film. A 50-mm lens and a zoom (70- to 200-mm)
lens were used. The concept was to simply get a picture of the
test points by centering the camera axis on the test field.
Photographs were obtained at a number of positions, with
respect to the test field, with both the 50-mm lens and the zoom
lens. The various test combinations are given in Table 1. For
example Test A was from a two-photograph model and the
zoom lens was used. Note that there are three-photograph
models and four-photograph models. Even with the multiple-
photograph models, each exposure was obtained with the cam-
era axis centered on the test field.

Film and Print Processing

After the film was exposed, it was sent to a local photo lab for
developing and printing. There were no special instructions
other than to make full-frame prints on 8- by 10-in. resin-
coated paper. These 8- by 10-in. photographs were the prints on
which the photogrammetric measurements were made.
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TABLE 1 SYSTEM TEST RESULTS

Difference Between Conventional Survey and a 95% Avg

Photogrammetric Survey Confidence Camera

X-Coordinate Y-Coordinate Z-Coordinate Error Vector Interval for No. of  Distance

Mean of Test to Center B/D

Test Mean Stdev Mean Stdev Mean Stdev Mean Stdev Error Vector  Points of Site Ratio
A 0.08 +0.17 0.19 +0.36 -0.01 +0.11 0.41 +0.20 0.34 t0 048 38 471 0.60
B 0.08 +0.17 0.17 +0.38 0.01 +0.12 0.42 +0.22 03510 049 38 463 0.61
C —0.01 +0.18 0.16 +0.33 0.07 +0.14 0.39 +0.20 03210046 38 356 0.47
D 0.05 +0.19 -0.18 +1.78 0.11 +0.22 1.49 +0.99 1.16 10 1.82 38 435 0.23
E 0.03 +0.16 0.25 +0.32 0.04 +0.11 0.39 $0.21 032 to 0.46 38 401 0.56
F 0.28 +0.53 -0.43 +0.60 -0.15 +0.19 0.88 +0.38 0.64 to 1.12 12 135 0.64

Note: Confidence interval = Mean * Stdev * t g, 4/[No- of points] 22, Error vector = [(difference in X)? + (difference in Y)* + (difference in Z)*]'/2
Engineering Sciences Building test field (high precision control): A = two photos, 70- to 200-mm zoom lens; B = three photos, 70- to 200-mm zoom
lens; C = three photos, 50-mm lens; D = two photos, 50-mm lens; E = four photos (2 from Test A, 2 from Test C). Altemative test site (Cooper’s
Rock) (low precision control) stadia: F = two photos, 50-mm lens. Units are in feet unless otherwise noted. Stdev = standard deviation.

Photogrammetric Measurements and Reductions

The photo coordinates of the images of the test points on each
photograph were measured with an electronic digitizer con-
nected to a microcomputer. As the photo coordinates were
measured, a file was created in which all of the photo coordi-
nates of the test points on a particular photograph were saved or
stored. These files of photo coerdinates were used to run
repeated photogrammetric reductions, space resections, and
space intersections to obtain the X-, Y-, and Z-coordinates of
the test points in the ground coordinate system that was estab-
lished by conventional techniques. The photogrammetric re-
ductions were made using the photogrammetric software de-
scribed previously.

Weighting, Constraints, and Lens Distortion Corrections

Multiple photogrammetric reductions were performed on the
data files of photo coordinates. These multiple runs were per-
formed to study the effect of various weighting techniques, the
effect of including constraint equations as suggested by Bopp
and Krauss (2), and the effect of correcting for both symmetri-
cal and asymmetrical lens distortion as modeled by Brown
(3, 4). The photogrammetric software enables the user to select
any combination of these options before performing the pho-
togrammetric reductions.

There are two weighting options that may be used during the
least squares solution for the 11 transformation parameters.
One weighting option permits the user to assume that all photo
coordinates have equal weights; that is, no one photo coordi-
nate is more accurate than another. The other weighting option
permits the user to assign weights to the photo coordinates on
the basis of the variances for each photo coordinate. The
weight is made equal to the inverse of the variance for each
photo coordinate. Consequently, photo coordinates with small
variances will have larger weights than coordinates with larger
variances and will contribute more to the least squares solution
for the transformation parameters. The least weighting option
may only be selected when multiple measurements have been
made for each photo coordinate or if the user assigns individual
variances to each coordinate.

There are just two constraint options. Either the constraint
equations for the 11 transformation parameters as developed by
Bopp and Krauss (2) are enforced or they are not.

There are several possible options for corrections for sym-
metrical and asymmetrical lens distortions. It has been shown
that three terms in an odd-powered polynomial are sufficient to
model symmetrical radial lens distortion. Consequently, the
user has the option of correcting for such distortion by using
one, two, or three terms when making photogrammetric reduc-
tions. Two terms are always required to model asymmetrical
lens distortion. The user has the option of either correcting or
not correcting for asymmetrical lens distortion during pho-
togrammetric reductions.

If the same options were selected for every photograph in a
set of photographs used in a photogrammetric reduction for the
X-, Y-, and Z-coordinates of test points, there would be 20
possible combinations of the options or 20 different possible
photogrammetric reductions. Not all possible reductions were
made, but enough were made to determine which options were
important for the system under consideration.

Index of Accuracy

The accuracy of the photogrammetric reductions is indicated
by observing the difference between photogrammetrically de-
termined X-, Y-, and Z-coordinates and the conventionally
determined X-, Y-, and Z-coordinates for test points on the
Engineering Sciences Building. A single index of accuracy is
the error vector that is computed as follows:

EV = [(dx) + @) + 21" )
where
EV = error vector,
dx = difference in X coordinates,
dy = difference in Y coordinates, and
dz = difference in Z coordinates.

The error vector was computed for each test point, and the
average error vector for all test points was computed for each
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condition tested. If the error vector was less than 1 fi, the
accuracy requirements that were established at the outset had
been met.

Alternative Test Site

The system was also tested on a cut slope. At this test site the
test points and control points were determined by the method of
stadia. Photographs were obtained and the photogrammetric
reductions were made in a manner similar to that used for the
test field on the Engineering Sciences Building. The main
difference was the accuracy with which the control point posi-
tions were known.

Discussion of Test Results

The test conditions are identified as A through E The condi-
tions are as follows:

A = two photos, zoom lens, Engineering Sciences
Building (ESB);
= three photos, zoom lens, ESB;
three photos, 50-mm lens, ESB;
two photos, 50-mm lens, ESB;
= four photos (two from A and two from C) ESB;
and
two photos, 50-mm lens, alternative site, control
by stadia.

moow
It

1
1}

It should be noted that the control points and the test points
were known with greater accuracy on the Engineering Sciences
Building than on the alternative test site. Also, the error vector,
as previously defined, is the index used to measure the ac-
curacy of the system.

Effects of Options

The weighting, constraints, and lens distortion correction op-
tions were exercised in various combinations for each of the
test conditions while the photogrammetric reductions were
executed to determine the X-, Y-, and Z-coordinates of the test
points. The same control points were always used. The average
error vector for each of these reductions was studied to deter-
mine the effects of the various options used. These studies
indicated that the weighting technique of assigning weights on
the basis of the variance of the photo coordinate gave a slightly
better error vector than did assigning weights equally to all
photo coordinates. Invoking the constraint equations did not
change the error vector; that is, there was no improvement in
accuracy when the constraint equations were used. An unex-
pected result occurred when the lens distortion terms, both
symmetrical and asymmetrical, were exercised. With the addi-
tion of terms to correct for lens distortion, the error vector
increased in size or the accuracy decreased. It is hypothesized
that the lens distortion correction terms that were used did not
adequately model the lens distortion for the photographs. This
is because there is not only distortion due to the camera lens but
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also distortion due to the enlarger lens used to print the photo-
graph. Some distortions may also occur because the principal
point of the negative cannot be aligned with the lens axis of the
enlarger. Perhaps a better model for these distortions could be
derived.

On the basis of the average error vector from the multiple
reductions while various options for weighting, constraints, and
lens distortion correction were exercised, it can be concluded
that the only option that need be applied is weighting. The
weighting option that assigns weights on the basis of photo
coordinate variances should be selected. In the present study,
weighting the photo coordinates in this manner decreased the
error vector slightly but not significantly. Exercising the con-
straint equations had no beneficial effect on accuracy. The lens
distortion terms, when exercised, were actually detrimental to
the accuracy. Because the lens distortion terms are not required
for this system, the minimum number of control points to
permit redundancy in the least squares solution for the transfor-
mation parameters is six. The results of all tests discussed
hereafter were obtained by executing the photogrammetric
software so that only the weighting by variances option was
selected. This is the recommended procedure for using the
photogrammetric software.

Test for Accuracy

Photographs of the test site were obtained from a number of
different positions and with different camera lenses. Camera
position and lens type make up a test condition. The test
conditions were identified and listed previously. The average
error vector for each condition was the index for accuracy.
Results of the test for each condition are given in Table 1.

The 95 percent confidence interval for the mean of the error
vector was used to determine whether the mapping system met
the accuracy requirement that was specified initially. If the
confidence interval was within *1 ft, the mapping system met
the accuracy requirements. An inspection of Table 1 shows that
the mean error vector as determined under Test Conditions A,
B, C, and E was within the required limits. Condition A was a
two-photo model obtained with a zoom (70- to 200-mm) lens at
about 450 ft. Condition B was similar to A except that a third
photograph was included. Including the third photograph did
not improve the accuracy of the system. Condition C was a
three-photo model obtained with a 50-mm lens at about 350 ft.
Note that the mean error vector for this condition is better than
for Conditions A and B, but not significantly better. Condition
E consists of the two outside photographs from Condition A
and the two outside photographs from Condition C. Again, use
of more than the minimum of two photographs did not increase
the accuracy of the mapping system.

The mapping system did not meet the accuracy requirements
under Condition D, which was a two-photo model obtained
with a 50-mm lens at about 450 ft or less. The distance of about
450 ft probably was not the reason the accuracy requirement
was not met. The test for Condition D probably failed because
the two camera axes intersected at such a small angle that the
photogrammetric intersections were weak. Note that the B/D
ratio for condition D is quite small whereas the B/D ratio for
the successful conditions are near 0.5 or greater. The B/D ratio
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Desirable Conditions:

(1) Each camera axis

directed toward the center of the area being

mapped and (2) camera axes intersect at 90 degrees.

FIGURE 1 Optimum camera configuration.

is the base length between camera stations divided by the
perpendicular distance from the base to the point being pho-
tographed (Figure 1). The B/D ratio is not necessarily an
indication of convergent camera axes. But, if the two camera
axes are directed toward the center of the object being mapped,
the B/D is an indication of the amount of convergence of the
two camera axes. As shown in Figure 1, if the B/D ratio is 2
and the two camera axes are directed toward the center of the
object, the intersection angle of the two camera axes is 90
degrees. Such an angle of intersection is optimum for comput-
ing intersections. The convergence angle of the two camera
axes in Condition D is small. The distance between the camera
stations was only about 100 ft (0.23 - 435 = 100). If the distance
between the camera stations had been increased and the depth
to the test field maintained as before, perhaps the results would
have been better.

The mapping system also failed to meet the accuracy re-
quirement under Condition F. It should be noted that under
Condition F the mean error vector was less than 1 ft and that
the upper level on the confidence limit was over 1 ft by a small
amount. Because the control and test point positions were
established by the method of stadia, their positions were only
known to within +1 ft to begin with.

It appears that establishing the six control points by stadia
may not be adequate to meet the accuracy requirements of +1
ft. The method of angle intersections from each end of a
measured baseline would be adequate. Other possibilities exist
and additional studies are ongoing.

USE OF THE SYSTEM
Use of the proposed mapping system to monitor an unstable

slope requires both field and office procedures. The procedures
are not complex, but they do require some planning.

Field Procedures

Field procedures are to

1. Determine the number of photographs required,

2. Determine where control points should be located,
3. Determine position of control points,

4. Determine if artificial targets are necessary, and

5. Obtain photographs.

Number of Photographs

The number of photographs required for stereo coverage of the
site is determined simply by looking through the viewfinder of
the camera, visualizing the frames, and moving around the site
to select the camera stations. Of course, the minimum number
of photographs is two. Previous studies by Abdel-Aziz (5) and
Kenefick (6) have shown that the best accuracy is obtained
when the two camera axes intersect at about a 90-degree angle.
This should be kept in mind when selecting camera stations,
and an attempt should be made to obtain convergent photo-
graphs such that the camera axes will intersect near the center
of the site being mapped at an angle close to 90 degrees (Figure
1). Because of varying site conditions this may not always be
possible, but it is a rule that should be followed whenever
possible. A third camera station may be selected. However, the
third photograph is not necessary if 100 percent overlap is
obtained with the first two photographs. In some situations the
third photograph may be needed just to get stereo coverage of
the entire site. The system will handle a total of four photo-
graphs. It is important to remember that every point to be
mapped must appear on at least two photographs.
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Location of Control Points

When the number and orientation of photographs have been
determined, the next step is to determine where control points
must be located. The points to keep in mind are that there must
be at least six control points visible in every photograph and
that they should be well distributed over the site and not
clustered together. Also, to avoid having to reestablish the
control before every remeasurement on the site, the control
points should be located in stable areas around the border of the
active landslide. Another point to remember is that if lens
distortion terms are used in the photogrammelric software, an
additional control point should be obtained for every lens
distortion term that is added. However, it should be noted that
the results of tests that were discussed in the previous section
indicate that, because paper print enlargements are being used,
including lens distortion terms for the system produces no
significant gain in accuracy.

Determination of Control Point Position

The X-, and Y-, and Z-coordinate position of the control points
may be obtained by a number of methods. The stadia method
may be used if slope angles are not great. Also, the angle
intersection method may be used. The angle intersection
method involves measuring a horizontal and a vertical angle to
the control point from each end of a measured baseline. The
horizontal angle is the angle to the right from the baseline and
the vertical angle may be measured from a horizontal line,
zenith, or nadir. The photogrammetric software includes rou-
tines for reducing the field data from either of these methods to
a file of X-, Y-, and Z-coordinates for the ground control points.
Other conventional surveying methods may also be used to
obtain the X-, Y-, and Z-coordinates for the ground control
points. As a rule, the more accurate the control data, the more
accurate the results from the photogrammetric reductions will
be.

Targeting

The mapping points (that is, the high points, the low points, and
the points in between where the slope changes) and the ground
control points must be discernible on at least two photographs.
If there are no natural features such as rocks or clumps of soil
to be used to mark the mapping points, these points must be
artificially targeted. Some targeting materials are sheets of
paper, lime, and stakes with paper wrapped around the bottom
and secured with a rubber band. It is best for the target to be
larger than the crosshairs on the digitizer. If the target is slightly
larger than the crosshairs, pointing precision on the digitizer is
optimum,

Obtain Photographs
At this stage everything should be ready for taking photo-

graphs; that is, camera stations have been located, ground
control point locations determined and measured, and targeting
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completed if necessary. Care should be used to obtain photo-
graphs in sharp focus and with good depth of field. It is
important that the photographs be of good quality in order to
get good results from the photogrammetric reductions. A sug-
gested practice at this point is to make a rough sketch of the site
from the perspective of the camera station and note rough
locations of mapping points and ground control points. The
sketch will be helpful in the office in identifying and labeling
mapping and ground control points.

Office Procedures

Office procedures have been simplified by the photogram-
metric software. After the film has been developed and 8- by
10-in. photographs have been printed, the photographs must be
studied so that conjugate mapping and ground control points
can be identified with the same symbol or labeling mark. It is at
this identification stage that the sketches made in the field at the
camera stations may be beneficial.

After the points have been identified on the photographs, the
remaining office procedures are controlled by the photogram-
metric software. All that is required is that the digitizer, plotter,
and printer be properly connected to the computer and that the
computer equipment be in proper working order. Three floppy
disks are required, one for holding the photogrammetric soft-
ware, one for holding the graphics software, and one formatted
blank disk to be used as a project data disk. To perform the
photogrammetric operations, the photogrammetric software
disk is put in Drive A, the formatted blank data disk is placed in
Drive B, the microcomputer is switched on, the system is
automatically booted, and a menu of instructions is displayed
on the monitor. From this point on it is a matter of following
instructions and responding to prompts displayed on the moni-
tor. All office steps from inputting the ground control point data
file to outputting the data file required by the graphics software
are controlled by the photogrammetric software.

To produce the graphics output, the graphics software disk is
placed in Drive A and the data disk is left in Drive B. The
program is booted and, again, a menu prompts the user on what
is needed to execute the various graphics programs to output
point plots, contour plots, cross sections, or perspective plots.

CONCLUSIONS

If the proposed mapping system is used under the right condi-
tions, an accuracy of 1 ft can be achieved. Desired conditions
include

1. The two camera axes intersecting at about a 90-degree
angle;

2. A maximum distance of about 450 ft from the camera to
the site being mapped;

3. Preferably a 100 percent overlap of the site on two photo-
graphs, although three or four photographs can be used if there
is sufficient ground control;

4. Six or more ground control points must be visible on each
photograph;

5. The position of each ground control point should be
known to within 0.1 ft; and



54

6. The control points and other mapping points should be
distinctly visible on each photograph.

There are a number of advantages to using the proposed
mapping system. One big advantage is that it allows any design
office with a microcomputer, a digitizer, and a pen plotter to
perform limited photogrammetric mapping without highly spe-
cialized (expensive) equipment or training. Also, the proposed
system saves both field survey time and office drafting time. An
estimate of the time savings would be between 25 and 50
percent. Output from the photogrammetric software can also be
plotted by hand or further manipulated by other software. In
addition, the photographs provide a nearly permanent record of
site conditions.

An advantage from the standpoint of safety is that the map-
ping of inaccessible or unsafe sites such as unstable rock slopes
can be accomplished with a minimum of exposure of personnel
to hazardous conditions. Photographs may be obtained from a
light plane or helicopter, but the requirement for the six ground
control points and the B/D ratio must still be met.

The system is user friendly in a number of ways. The
software is menu driven, so training to use the system is quite
easy, particularly compared with systems that require the use of
the floating dot. Also, the hidden error trapping or checking
routine that checks the data during input reduces the possibility
of the user unknowingly crashing the program.

The equipment can also be used for other tasks. This is
attractive in that equipment costs can be spread among several
activities. Many design departments have most of the hardware
equipment necessary to perform the mapping. Cost of the
equipment, exclusive of the camera, about 2 years ago was
around $7,000. Today the cost would no doubt be less. Any
type of camera may be used, but an SLR 35-mm camera that
can accept different lenses such as telephoto lenses is the most
versatile.

The proposed mapping system also has some disadvantages.
There must be at least six ground control points for each
photograph. The accuracy of the photogrammetric reductions
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depends to some degree on the accuracy of the ground control
points. Because of the need for control points on each photo-
graph there is some limit to the size of the area that can be
mapped using the system. If the site is extremely uniform in
texture, targeting of mapping points is also required.

The accuracy achieved is not as great as that obtained by
more sophisticated methods. However, given that paper prints,
rather than glass diapositives, are being used and that an elec-
tronic digitizer, rather than a precise photogrammetric com-
parator, is being used, it is the opinion of the authors that the
advantages of the system outweigh the disadvantages. All in-
dications are that, under the restrictions noted, the proposed
mapping system can be used to monitor slopes with an ac-
curacy of =1 ft.
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Contracting for Tiedback

Walls in Kentucky

WILLIAM PHILLIPS

The Kentucky Transportation Cabinet has used a prebid de-
sign performance specification for two permanent tiedback
walls. These walls were used for control or correction of active
landslides. The walls comprised steel H-sections, timber lag-
ging, and corrosion-protected tiebacks. Only approved tied-
back wall contractors were permitted to participate in these
projects. These approved contractors were given a packet of
information on the projects. The packets contained all techni-
cal and administrative details deemed necessary to satisfac-
torily complete the work. Contractor input was solicited dur-
ing development of the information packets. The contractors
were to develop their own tiedback wall schemes. Tieback size,
tendon type, bonded and unbonded length, and tieback loca-
tion were thelr responsibilities. They were required to submit
complete design calculations, construction plans, and any notes
to the cabinet for review and acceptance 30 days before bids
were opened. After design acceptance, the contractors were to
prepare lump sum bids for their wall systems. On one wall
contract the tiedback wall contractor was the prime contrac-
tor. On the other contract the wall contractor was a sub-
contractor. Both walls were completed satisfactorily. The cabi-
net Is considering developing a post-bid design performance
specification for tiedback walls. This would reduce the staff
time involved in design review.

In late 1982, the Kentucky Transportation Cabinet began con-
sidering tiedback walls as an engineering technique for perma-
nent landslide correction and control. Since that time, Ken-
tucky has successfully completed two tiedback walls to contain
landslides. Kentucky elected to use a prebid performance spec-
ification for these walls. The actual wall type selected for both
projects comprised steel H-piles, pressure-treated timber lag-
ging, and corrosion-protected tiebacks. The specification re-
quired that the piles be driven to and seated in solid rock. The
lagging was open faced and backed with a drain path material

(Figure 1).

CARROLL COUNTY LANDSLIDE

In March 1983, the Transportation Cabinet’s Division of
Bridges was given the task of preparing a performance specifi-
cation for control of an active landslide in the northern part of
Central Kentucky. This slide is southeast of Carrollton on
KY-227. This two-lane facility opened to traffic in 1974. Since

Kentucky Transportation Cabinet, State Office Building, Frankfort,
Ky. 40622.
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FIGURE 1 Typical section.

its opening, the facility has been plagued by slides. These slides
were being monitored by the Geotechnical Section of the Divi-
sion of Materials. By the summer of 1982, a major slide had
affected about 400 ft of embankment and encroached on about
200 ft of roadway. The slide in question was in a cut-fill
section. Slope inclinometer readings showed the zone of move-
ment to be 23 to 25 ft below the roadway shoulder. The rate of
movement was 0.2 in. per month. No structures were affected,
but the railroad track approximately 100 ft from and 30 ft
below the roadway was in danger. The situation was further
complicated by the presence of the bank of the Kentucky River
about 100 ft from and 20 ft below the railroad (Figure 2).
This slide is in the northern part of the Outer Bluegrass
topographic region of Kentucky. Glacial deposits and recent
alluvium exist in many areas adjacent to the Kentucky River.
The overburden soil is predominately a low-plastic clay. The
depth to rock at the shoulder was about 35 ft. The water table
was estimated to be 2 to 4 ft below existing ground at the
roadway shoulder. The bedrock is predominately interbedded
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FIGURE 2 Carroll County slide correction.

Ordovician limestones and shales. The Kope formation is the
main formation in the area. Highly weatherable shales make up
70 to 85 percent of this formation and are usually found in even
to slightly irregular beds about 12 in. thick. Use of these shales
during embankment construction for KY-227 was a major fac-
tor contributing to the problems along this roadway.

The three alternate corrective measures considered were a
tiedback wall, horizontal drains, and railroad rails as driven
piles. Neither moving the centerline of the road into the hill nor
flattening the slope was considered a practical solution. Any
alignment change would affect /2 mi of roadway and require
considerable excavation as well as significant additional right-
of-way.

Stability analyses that included the effects of horizontal
drains gave an insufficient factor of safety of from 1.1 to 1.2
Previous successful experience with railroad rail piles had been
with lengths of from 15 to 20 ft. The soil at the site was far too
deep for this to be an effective solution. The tiedback wall
offered various combinations of tieback capacities and spac-
ings to resist the calculated landslide force. The design factor
of safety was to be between 1.5 and 2.0 for a tiedback wall. The
wall was estimated in the planning phase to be about 400 ft
long and have 15 ft of exposed face at its tallest point.

A tiedback wall was a new product or technique to Ken-
tucky. The design, details, and construction of such walls were
not covered in the standard specifications; thus a specification
would have 10 be developed. The development of this specifi-
cation, in the form of a Special Note, was somewhat compli-
cated by the short lead time provided for the project letting.

This Special Note was patterned after the sample specifica-
tion in Chapter 7 of Federal Highway Administration Report
FHWA-RD-82-47, Tiebacks (1). The following are some of the
items addressed in the note:

1. Scope of work;

2. Design criteria;

3. Tieback description, geometry, and capacity;
4, Geotechnical data;
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5. Maintenance of traffic;

6. Instrumentation and monitoring;

7. Installation requirements for piles, lagging, and
tiebacks;

8. Material specification and testing requirements;

9. Tieback testing including creep, performance proof, and
liftoff testing;

10. Record requirements;

11. Minority business enterprise requirements;

12. Method of measurement and basis of payment;

13. Plan and elevation views, typical sections, cross
sections;

14. Other references to other departments, documenits, spec-
ifications, and so forth, that wall contractors would need; and

15. Staff and experience requirements of wall contractors in
the design and construction of tiedback walls.

By the middle of May 1983, the first draft of the Special
Note was completed. Unfortunately, time did not permit in-
depth review and input by many outside agencies.

By the first part of August 1983, an information packet
containing the Special Note was made available to a group of
tiedback wall contractors. At this time, these specialty contrac-
tors were encouraged to review the note in detail and to provide
their suggested changes or exceptions. Seven tiedback wall
contractors provided critiques of the draft. Unfortunately, three
of the seven contractors eliminated themselves because of the
time constraints.

The Special Note required the interested contractors to sub-
mit, within 28 calendar days, a set of design and construct
documents. These were to include complete design calculations
and a complete set of detailed construction plans for review and
approval. Their plans were to include any notes or specifica-
tions pertinent to their wall that either conflicted with or were
not covered in the cabinet’s current standards and specifica-
tions, guidance manuals, or special provisions. Each contrac-
tor’s submission was reviewed separately. Any changes sug-
gested by any contractor, which were approved by the cabinet,
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were made available to all contractors. Proprietary items were
permitted but would not be specified. The contractors were to
show on their construction plans any and all details necessary
to provide a satisfactory tiedback wall.

Each contractor’s design calculations were to include de-
signs for every component of their wall. Their format was to be
such that engineers totally unfamiliar with tiedback wall design
could follow their calculations.

The review was quite time consuming. Each contractor ap-
peared to have a different method for attacking tiedback wall
design. The shapes of the final construction pressure diagrams
were not uniform. Treatment of passive pressure varied. Eco-
nomics affected pile spacing, waler size, number of rows of
tiebacks, and many other details. Cabinet personnel went
through an educational process with each design. This was
most inefficient but worthwhile when the long-term educa-
tional value is considered.

It was difficult to make comparisons of the submitted wall
designs. Instead of a comparison of numbers of piles, walers,
tiebacks, and the like or individual tieback loads, a comparison
of resistance per foot of wall was attempted. Resistance per
foot of wall varied significantly from contractor to contractor,
The major reason for this variation appeared to be the cabinet’s
inexperience with tiedback wall design. A clear definition of
the landslide problem and a specific design pressure diagram
must be provided to the wall contractors.

Many telephone calls were made to the specialty contractors
to clarify submissions and solicit suggestions. The cabinet had
15 calendar days to review the submissions from four contrac-
tors. According to the original note, the contractors would then
have 8 calendar days to provide the cabinet with revised de-
signs and plans.

During the review of the first submissions, a field inspection
of the site revealed that the area affected by the slide had grown
laterally. This was about 4 months after a tiedback wall was
selected for controlling this slide. Relatively speaking, the type
of work did not change. However, plans needed to be de-
veloped for a longer wall. Initially, the estimated increase in
length was anticipated to be 200 to 300 ft. When the final
addendum was mailed, the increase in length was 600 ft. A wall
1,000 ft long with 16 ft of exposed face at its highest point was
now required.

The cabinet had to initiate and hastily complete a com-
prehensive drilling, sampling, and testing program for the addi-
tional wall length. This was accomplished by the cabinet’s
Geotechnical Section.

Numerous parts of the design criteria originally presented in
the Special Note were changed. These changes affected lagging
design, pile design, drainage requirements, pile and waler cor-
rosion protection, tieback testing, and the use of a dynamic
pile-driving analysis to name several. Possibly the most signifi-
cant change was in the design pressure diagram or design force
per linear foot of wall. This change required the specialty
contractors to completely redo and submit new designs and
revised plans. The date for providing the cabinet with final
design and contract plans was changed. Unfortunately, the
letting data was not changed. Consequently, any discrepancies
or deficiencies in the final submission could disqualify a spe-
cialty contractor.

In addition to the monitoring by the cabinet’s Geotechnical
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Staff, the Kentucky Transportation Research Program (KTRP)
received approval and funding from FHWA to monitor the wall
with several types of instruments. The contractors had been
forewarned that there would be some instrumentation required
by the cabinet for monitoring wall movements during and after
construction. This would be in addition to the normal monitor-
ing common to tiedback walls such as tieback stressing and
testing. Types of instruments to be added were extensometers,
load cells, slope inclinometers, groundwater observation wells,
tiltmeters, and earth pressure cells. Instrument locations would
be determined in the field by KTRP, the cabinet, and the
contractor. Optical surveys would be made to develop a settle-
ment profile of the pavement behind the wall. The contractor
was directed, by the Special Note, to cooperate with instrument
installation by the cabinet and KTRP. None of the contractors
expressed any disagreement or difficulties with incorporating
this instrumentation program into their actual wall con-
struction. Actually, tiedback wall contractors expressed consid-
erable interest in this monitoring program. However, there is no
way of determining how much, if at all, this additional instru-
mentation and monitoring affected their bid or their con-
struction scheduling.

The final Special Note and contract plans were ready for
bidding by September 1983. This was 6 months after the task
began.

When construction began, cabinet inspectors went through
an educational process. Their knowledge of permanent tieback
construction methods had come from reading various industry
publications.

Deficiencies in the Special Note did present some problems
to the cabinet’s inspectors during construction. Fortunately,
there were no major or cost-affecting situations as a conse-
quence of gaps between the Special Note and the cabinet
standards and specifications. Problems such as controlling ex-
cessive pile deflection were resolved at the site, and other
problems were resolved by the local district office or the
Division of Bridges. All questions were settled informally in an
arbitration type of effort.

The Special Note limited the allowed deflection of the wall
during tieback stressing. However, the text was somewhat
vague in providing guidelines for handling deflection exceed-
ing the tolerance. The wall was constructed in the spring of
1984, That spring was wetter than normal, which contributed to
excessive deflection of the soldier piles. The field decision was
to place mass concrete as a reaction beam behind selected
H-piles.

There also appeared to be an excessive amount of tieback
failure during stress testing. The specialty contractor’s previous
experience in Kope shales had been high up in the formation.
The consensus was that the shales at the site were lower in the
formation and weaker than anticipated. Also, the drilling pro-
cess could have caused slick or smeared holes that inhibited
grout penetration into the formation.

Probably the most significant shortcoming that affected con-
struction was the lack of specific instructions for stage removal
of earth in front of the wall. Because the wall, not counting the
required excavation, was less than 40 percent of the total
contract, the specialty contractor was a subcontractor on this
project. The prime or general contractor elected to do all earth
moving including that required for wall construction. The cabi-
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net gave no specific earth-moving directions in the tiedback
wall Special Note. None of the other contract documents ad-
dressed this problem. Earth moving for a tiedback wall is
significantly different from normal earthwork procedures.
Staged removal is required to ensure adequate passive restraint
in front of the wall until the tiebacks are stressed. This poten-
tially difficult situation was left, by default, for the contractors
to resolve. Fortunately, no serious conflicts occurred.

The wall was completed to the cabinet’s satisfaction. There
were some allowances in wall alignment criteria normally
expected by the cabinet. However, these alignment criteria
were set up for cast-in-place concrete walls and were not
deemed necessary for a tiedback wall. This wall is pleasing to
the eye and, in time, with vegetation on the down slope, will
blend in quite well with its surroundings.

The wall was bid “lump sum” exclusive of the required
earth moving. It was constructed for just over $31.10 per
square foot of face. The square foot face measurement includes
the lagging buried 2 ft throughout.

The results and final report of the instrumentation program
for the Carroll County tiedback wall are unavailable at this
time. However, preliminary findings are encouraging. During
May 1984, very little wall movement was measured. At that
time, the wall was essentially complete. By November 1985,
movement had virtually ceased.

CAMPBELL COUNTY LANDSLIDE

In January 1984 the Division of Bridges was notified of another
potential tiedback wall use. An active landslide had closed the
northbound lanes of US-27 in northern Kentucky. This was
classified as an emergency project.

This slide was north of Alexandria on US-27. US-27 was
initially constructed as a two-lane facility and later widened to
a four-lane facility by placing additional fill. The initial two
lanes at the site were constructed in a cut-fill section. The slide
affected about 300 ft of embankment with cracks and scarps
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reaching the roadway centerline. In places, the two northbound
lanes of pavement had dropped as much as 8 ft. The failure of
the added two lanes, built as a side-hill embankment, occurred
during August 1983.

The geotechnical investigation of the slide was initiated at
this time. The depth to rock at the shoulder was about 50 ft at
the deepest point. The failure plane was estimated to be 10 ft
above the rockline. The water table was deep. It was measured
to be from 6 to 10 ft above the rockline. No structures were
affected. The total drop from shoulder to toe was 50 ft at the
critical section (Figure 3).

This slide is in the northern part of the Outer Bluegrass
topographic region of Kentucky. The bedrock comprises inter-
bedded limestones and shales. In addition to Kope formation
shales, the shales are from the Fairview and Bull Fork forma-
tions. These shales are also highly weatherable and, when used
in embankments, are a primary cause of slope instability. Com-
paction of these shales is inhibited by the presence of flaggy
limestone slabs. These slabs prevent breaking down of the
shales and cause voids in the fills by interfering with compac-
tion equipment. Additional voids are created as runoff seeps
through the fills and causes the shale to slake.

Three corrective measures were studied. One involved a
flattened slope with a large berm at the toe. This was rejected
because it required a prohibitive amount of additional right-of-
way to achieve an adequate safety factor. The second alterna-
tive was a tiedback wall. This was initially rejected as being too
costly. The most economical alternative was a combination
shear key and berm correction.

During January 1984 the landslide problem was discussed
among various divisions within the cabinet. The prudence of
excavating for a shear key in an unstable area was questioned.
An additional alternative, using stone columns, was suggested.
However, the amount of soil to be replaced by stone columns
was considered excessive. Extra right-of-way would also be
required for this alternative.

The tiedback wall option was reconsidered and, in the end,
selected for the correction. It was thought that actual con-
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FIGURE 3 Campbell County slide correctlon.
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struction of a tiedback wall could be initiated more quickly
than the berm and shear key altemative. Construction of the
berm and shear key alternative could not begin until the dry
season in late spring. It was also thought that tiedback wall
construction would be within the present right-of-way.

Because a Special Note for a timber-lagged, steel H-pile
tiedback wall existed, the cabinet decided to use a similar wall
for this landslide correction. The wall would be about 328 ft
long and have 22 ft of exposed face at its tallest point.

Site-specific modifications were made to the note and it was
mailed to interested wall contractors 6 calendar days after the
decision was made to use a tiedback wall. These contractors
were also notified of an on-site inspection of the landslide
scheduled for January 18, 1984. Tentative scheduling was to
have a bid opening 7 weeks from this date. This project was
definitely a fast-track effort. Unfortunately, it was realized
during the on-site meeting that the slide had moved signifi-
cantly and new cross sections were needed. Consequently, the
schedule was delayed 1 week.

The specialty contractor would be the general contractor on
this project because the tiedback wall was approximately 80
percent of the project. Contractors were given 2 weeks to
provide the cabinet with designs and plans for review and
approval. After a week for the cabinet’s review, contractors
would have another 2 weeks to revise their designs and plans,
Contractors who provided satisfactory final designs and plans
would be notified to submit bids. Notification to the successful
contractor was to be given 1 week from the cabinet’s receipt of
final plans.

Other than site-specific details, there were no significant
changes in the note. There would not be an intensive instru-
mentation and monitoring program by KTRP. Slope inclinome-
ters would be installed by cabinet personnel with the contrac-
tor’s cooperation. At the ends of the lagged portion of the
walls, two additional piles were to be installed. This was not
done on the first project. These piles were to be identical to the
piles in the last sections of the wall at each end. These end piles
were in line with the wall and spaced the same as the last wall
piles. This was to assist in containment of the slide and to allow
for extension of the wall by cabinet personnel without the need
for pile-driving equipment.

The wall contractor, as the prime contractor, was responsible
for meeting the federal Minority Business Enterprise (MBE)
requirements. This proved difficult because the wall itself con-
stituted the major portion of the work to be performed on this
project.

Construction of this wall had a significant difference from
that of the Carroll County wall. The embankment had failed
and the slide mass was still moving significantly. Many of the
driven piles would have in excess of 10 ft of pile sticking out of
the ground. Before tiebacks were installed, the area behind
these piles would neced to be partially excavated to remove
loose material. Next the contractor would need to install lag-
ging then backfill up to a certain elevation before installing any
tiebacks. During the time between pile driving and tieback
stressing, many piles were pushed out of alignment by slide
movement. Consequently, the finished product has a lot of
kinks in its alignment. This was not considered detrimental to
wall performance and proved that the tieback solution could be
applied to active slides.
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A major oversight was the cabinet’s method of paying for
earthwork. The earthwork bid item for this project was “Road-
way Excavation,” which is paid plan quantity unless the cabi-
net changes the scope of work. Needless to say, the quantity bid
did not agree with the quantity to be handled at the time of
construction. The bid quantity was based on cross sections
taken 3 months ahead of time and this was an active landslide.
The problem was not so much the quantity involved as the
handling of the material and the unsuitability of some of the
material for backfill. In the end, material had to be hauled to
waste sites and borrow material brought in for embankment
construction.

The lack of sufficient geotechnical data created a problem
with ordered pile lengths. Drilling was not done near the ends
of the wall. A projected rockline was used on the contract
plans. The rockline encountered was 10 to 20 ft below the
projected rockline at the ends. Though the contractor was paid
for the additional pile length required, pile splicing, which had
not been anticipated, was required. Because approximately 100
ft, or one-third, of the wall was affected, this had a significant
effect on construction scheduling. It was imperative to have
quick and efficient wall construction to ensure that the slide did
not progress to the point where the remaining two lanes of
US-27 would be closed.

This wall was bid lump sum exclusive of excavation and
other roadway items. In addition to the lump sum bid, the wall
contractors were to submit unit price bids for wall components,
This would provide a convenient method for possible wall
extension during construction. It would also give the cabinet an
idea of the cost of tieback installation as a function of size and
capacity of the tieback.

This wall, excluding earth moving, was constructed for just
over $49.60 per square foot of face. The square foot of face
measurement includes the lagging buried 2 ft throughout.

CONCLUSION

Kentucky had had essentially no experience in tiedback wall
construction when the Carroll County slide correction was
initiated. To prepare a detailed set of plans and specifications,
the cabinet had to rely on contractor personnel for guidance.
However, the cabinet wanted to maintain control of the design.
The performance specification option was selected because it
permitted shared responsibility for design, construction, and
performance of the completed tiedback wall. By reviewing the
various designs submitted by contractors, cabinet personnel
would gain considerable knowledge for the future,

The intent of the technical prequalifications and design and
plan development requirements was to prevent contractors in-
experienced with tiedback walls from participating in the wall
contract. It was thought that this would ensure adequate design,
efficient construction, and a cost saving. It was particularly
important that the cabinet’s first attempt at tiedback wall con-
struction be well thought out from design through construction
to maintenance. Conflicts or litigation would unfairly preclude
consideration of tiedback walls for future use.

Target dates are good. Otherwise, tasks may never be com-
pleted. However, completion dates that are controlled by con-
tract letting dates can prove costly. Potential contractors are left
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out of the process. Prices are inflated to cover uncertainties that
time does not permit contractors and the contracting agency to
address. Time did not permit predesign or prebid conferences
on the Carroll County project. Still, with all these snags and
difficulties, all the specialty contractors were most cooperative.
They continually went above and beyond the normal effort
expected to assist the cabinet in obtaining a workable Special
Note.

A prebid performance specification is a good way to get
started in the tiedback wall business. The contracting agency
gets exposed to many different wall concepts and design phi-
losophies. The agency establishes the scope of work and main-
tains control over the type, size, location, and design of the
wall. The contractor is free to select an economical tieback
system within the guidelines provided. Responsibility for the
finished wall is shared between the agency and the contractor.
An environment of cooperation is practically mandated. Cost
savings through a design and construct effort are recognized.
Participation and innovation by qualified contractors are certain
to be obtained by the contracting agency.

It is recommended that agencies unfamiliar with tiedback
wall design and construction pattern their first efforts after the
sample specification in the FHWA Tiebacks Report (1). Modi-
fications will certainly be necessary. In particular, the method
of handling stage removal of earth in front of the wall should be
covered in detail. When the wall contractor is not doing the
earthwork, specific guidelines and instructions should be in-
cluded in the note. In some cases, a signed agreement between
the two contractors may be necessary.

Plan quantity should not be the pay item for active slides.
Pay items for field measuring, soil manipulation, waste, and
borrow should be considered. Flexibility in payment methods
would enhance contract performance.

Contractors should be provided with identical design lateral
pressure diagrams. Modifications should be permitted after
tieback designers have reviewed the Special Note. However,
the final design provided by all contractors should be based on
the same diagram.
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Kentucky is considering switching to a postbid performance
specification for future tiedback walls. Now that the cabinet has
gone through an in-depth educational process for two tiedback
walls it is believed that there is sufficient expertise within the
agency to take this step. This should increase the cost savings
and would certainly decrease the cabinet’s review time.

The cabinet would still set the scope of work, describe the
type of wall required, and outline the design criteria. The major
effort before bidding would be placed on contractor qualifica-
tion requirements. In addition to company qualification re-
quirements related to design and to professional engineers
employed, emphasis would be placed on the company’s people
who would be doing the actual wall construction. Experience
requirements would be established for the superintendent, the
foremen, the drillers, and the stressing foreman. In particular,
foremen, except the stressing foreman, would be required to be
at the jobsite at any time construction is in process.

It is preferred that the tiedback wall contractor be the general
contractor. When the wall contractor is a subcontractor, the
general contractor should be required to specify the wall con-
tractor selected. A signed agreement between the two should be
a required submission of the bidding package.

A well-written postbid performance specification will permit
prebid tiedback wall contractor approval with postbid design
approval agreeable to all parties involved. The contracting
agency obtains a design and build project and still gets a
competitive bidding effort.
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Westbound Embankment Preload on
Rainier Avenue, Seattle, Washington

Davip M. CotTtoN, ALAN P. KiLIAN, AND TONY ALLEN

Fifty-foot-high approach embankments recently completed for
a bridge crossing of Rainier Avenue in downtown Seattle re-
quired preloading of compressible lacustrine clay sediments as
much as 50 ft thick below the abutment areas. In this paper are
presented results of engineering analyses and recommenda-
tions for very complex surcharge fill requirements. Vertical
prefabricated drains were used in the preload to accelerate
settlement and an unprecedented 55-ft-high soil-reinforced
wall was used to limit the extent of the fill and thereby prevent
damage to exlsting utilitles and adjacent structures. The in-
strumentation program used to measure the settlement re-
sponse Is discussed, and the variation in magnitude and time
rate of settlement measured across the site is summarized.
Actual measured settlements were reasonably close to those
predicted from engineering analyses done before construction.
Several geotechnical-related cost-saving features, which were
implemented in the final deslgn stage and saved an estimated
$1.2 million of a total project cost of $3.4 million, are
summarized.

The project discussed in this paper is part of the reconstruction
of WA-90, a major east-west freeway within downtown Seattle,
Washington, which was undertakei to bring the freeway up to
Interstate standards. The current four-lane freeway is being
rebuilt as a three-two-three lane configuration consisting of
three general purpose lanes in both the east and west direction.
In addition, two central reversible lanes will be built to carry
automobiles, high-occupancy vehicles (HOVs), or light rail
transit.

The section of WA-90 that crosses the Rainier Valley is
discussed in this paper. That section will consist of multispan
bridges, retaining walls, a cut-and-cover tunnel, and major
embankments. A limited-access interchange will be created to
allow I-90 to cross over Rainier Avenue South.

The three-two-three lane configuration will cross Rainier
Valley, as shown in Figure 1, on embankments with final grade
heights of as much as 36 ft. The roadway will be carried across
Rainier Avenue on three separate bridges. Westbound I-90
traffic will exit onto Rainier using either the E-RN lane or E-RS
lane shown in Figure 1. The RN-E lane passes through a tunnel
under I-90 rising in grade as an on-ramp to eastbound I-90.

There are compressible soils to depths greater than 60 ft near
the bridge locations. Piles are required to support bridge piers.
The approach fills are expected to settle approximately 2 ft. To
minimize project costs, structures are kept as short as possible

D. M. Cotton, Golder Associates, Inc., 1404 148th Avenue N.E.,
Redmond, Wash. 98052. A. P. Kilian and T. Allen, State of Wash-
ington, Department of Transportation, Materials Laboratory, P.O. Box
167, Olympia, Wash. 98504,

and a maximum of earth fill is used. However, the com-
patibility of the structure-fill system became a major design
issue because of the large settlement expected at the
approaches.

A complicating feature is the existence of major utilities
along Rainier Avenue adjacent to and below the proposed
approach fills. In addition, the longer existing Lakeway Free-
way bridges on the south side of the interchange must remain
open during construction of the new westbound lanes shown in
Figure 1. These pile-supported structures will be sensitive to
downdrag loads caused by the new adjacent fills. Because of
the high volume of traffic (34,000 cars per day and 5,200 cars
during peak hours), construction time must be kept to an
absolute minimum.

Discussed herein is a complex design that consists of vertical
drains to reduce settlement time and surcharges with delay
periods to accelerate consolidation, reduce settlement time, and
mitigate long-term secondary consolidation.

GEOLOGIC SETTING

The site has been subjected to several major glaciations. Ice on
the order of 3,000 ft thick has overridden the area. The glacial
events and geologic processes that occurred during interglacial
periods were responsible for shaping the topography and de-

positing sediments at the site. The deposits at the site are for the |

most part a result of the last glaciation, known as the Vashon
glaciation, and interglacial deposits before and after the
Vashon.

_Figure 2 shows the generalized geologic units at the site. The
soil deposits can be generally divided into soil that has been
glacially overridden and soil that has not been overridden. The
units that have been overridden are more competent, because
they are less compressible, whereas those that have not been
loaded tend to be more compressible.

The deposits that were previously preloaded by glacial ice
are at depth at the site and consist of Older Marine hard clay
and silt. Overlying the Older Marine unit is Vashon recessional
outwash and then compressible recent lacustrine soft silt and
clay and organic lacustrine soft peat, silt, and sand. It is in these
latter two units that large consolidation settlement occurs.
Overlying these deposits are recent deltaic dense gravelly sand
and man-made fill including garbage.

A generalized soil profile of the site area is shown in Figure
3. The deepest deposits of compressible recent lacustrine soil
are found below Rainier Avenue. At roughly middepth of this
deposit, an interbedded silt and sand lens was found in some
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test holes. The approximate depth of compressible soils is 50 ft.
The organic lacustrine soils were found generally in the north-
west quadrant of the site, generally above elevation 50, and to a
thickness of up to about 15 ft. These deposits generally exist
north of the recent deltaic soils and underlie a large portion of
the embankment area.

PRELOAD ANALYSIS

In this paper, “preload fill"” represents the embankment re-
quired to achieve final grade, including expected settlement,
placed several months before construction of bridge abutments.
As indicated previously, the approach embankments are under-
lain by two compressible lacustrine units, the organic lacustrine
and recent lacustrine soil units. Variations in the thickness of
the organic lacustrine sediments within the project area are
shown in Figure 4. The organic sediments typically occur in the
northwest quadrant of the site. The thickness of organic mate-
rial averages 6 ft and ranges from 0 to 12 ft. As indicated in
Figure 5, the thickness of the compressible lacustrine clays
ranges from O to 40 ft and then decreases to 0 ft across the area
of the site. The preload analysis included evaluation of the
magnitude and rate of primary consolidation as well as sur-
charge fill requirements for mitigating long-term postconstruc-
tion secondary settlement in these two soil units. Additional
surcharge fill had to be included because of the greater long-
term creep characteristics that the organic lacustrine deposits
have in contrast to the lacustrine clays. Engineering analyses
also included evaluation of placing surcharge fills in areas that
would be subjected to future preloading, such as the ramp
between Area C and Area B shown in Figure 6. The final
roadway profile along the LL line, including the required sur-
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charge fills to compensate for future adjacent eastbound fill
placement that has its own surcharge, is shown in Figure 6.
Magnitude of Primary Consolidation

Soil properties used in the evaluation of the time rate and
magnitude of settlement follow.

o Lacustrine clay
Maximum past pressure = 3.0 ksf

OCR = 1.5 to 2.0
C,=0.20
C, = 0.02

Cy = 0.002 to 0.004 (used 0.005 in design of surcharge)
C, = 0.5 to 1.0 f*/day
PI = 20 average, 7 to 36 range
e Organic lacustrine
C, = 0.30 compression index
C, = 0.04 recompression index
C, = 0.015 coefficient of secondary compression

The estimated magnitude of settlement due to primary consol-
idation is given in Table 1 for varying fill heights over varying
depths of compressible soil (7). The resultant combined settle-
ment ranges from approximately !/2 to 2 ft, depending on the
thickness of the compressible soils and the embankment height.
The values given in Table 1 are for the estimated thickness of
preload fill. For this project, the maximum height of the emban-
kment required to attain final grade at the abutments was
approximately 40 ft. However, additional surcharge fill was
placed at the abutments, which resulted in a maximum total fill
height of 57 ft.
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FIGURE 4 Contours of the thickness of organic lacustrine (in [eet).
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TABLE 1 ESTIMATED SETTLEMENTS DUE TO PRIMARY
CONSOLIDATION (in.)

TRANSPORTATION RESEARCH RECORD 1119

TABLE 3 SURCHARGE FILL CRITERIA

Surcharge Height (ft) for Clay

Thickness of Layer (ft) Planned Exshakmant Depth (ft)
Fill (ft) 5 10 20 30 40 Height (ft) 10 20 30 40
Clay No Organics, No Nearby Structures, and 1 to 2 in. Postconstruction
10 0.7 12 1.6 2.0 Secondary Setlement
20 1.1 1.9 2.6 33 -
30 2.8 53 74 R ! h ] 5
40 5.1 9.6 13.6 17.3 30 1 2 3 4
Organics 40 2 3 4 5
10 3.6 6.3 - - -
20 73 133 5-ft Organics, No structures, 1 to 2 in. Postconstruction Secondary
30 9.8 18.0 Settlement
40 11.7 21.7 10 2 2 2 2
20 2 2 3 3
30 3 35 4 5
40 4 5 5 6

Surcharging To Reduce Secondary Settlement

In addition to the relatively short-term settlement due to pri-
mary consolidation, compressible cohesive soils were expected
to display long-term secondary creep. Table 2 gives a summary
of the amount of postconstruction secondary settlement ex-
pected for a 20-ft-high portion of embankment and various

TABLE 2 POSTCONSTRUCTION SECONDARY
COMPRESSION OF LACUSTRINE DEPOSIT

Postconstruction Secondary Settlement
(in.) for Clay Thickness

Surcharge Fill

(fY) 40 ft 30 ft 20 ft
0.0 4.6 34 2.3
2.5 2.1 1.5 0.9
5.0 0.5 03 0.2

Note: 40-year design life, 6-month surcharge period, and 20-ft
embankment height.

heights of surcharge fill. Surcharge fill in this case is the extra
temporary fill that must be placed above the final grades to
reduce long-term secondary creep to acceptable design values
(1). The design criteria used in the evaluation of the surcharge
fill height included

1. For abutments, limit long-term secondary settlement to
less than !/2 in. for a 40-year design life to utilize spread
footings;

2. For embankments outside abutment areas, limit the long-
term settlements to less than 2 in. for a 40-year design life; and

3, Include the additional surcharge for embankments under-
lain by organic lacustrine deposits.

The magnitude of secondary compression was determined
by the slope of the final portion of the time-compression curve
on a semilog plot (2). The estimated postconstruction second-
ary settlements indicated in Table 2 without the application of a
surcharge fill are clearly greater than the allowable design
limits. Therefore surcharge fills were recommended to limit
postconstruction secondary creep to acceptable levels. Also
summarized in Table 2 are the estimated reductions in the
secondary settlement resulting from surcharging a 20-ft-high

No Organics Adjacent to New Structures and 0.25 to 0.5 in.
Postconstruction Secondary Settlement

10 2 2 3 4
20 2 3 5 6
30 3 4 7 8
40 4 6 9 10

embankment with 2.5 and 5.0 ft of additional fill above the final
grade. Table 3 gives a summary of the recommended surcharge
fill requirements for the total project including abutments, the
roadway embankment, and areas underlain by organic lacus-
trine sediments. The application of these surcharges reduced
the long-term fill settlement to within the design values based
on measurements in the field. It was recommended that all
surcharge fill extend horizontally S ft beyond the limits of the
final embankment for embankments up to 20 ft in height and 10
ft beyond design limits for embankment heights between 20
and 40 ft.

Surcharging for Future Fill Placement

Surcharging was also used to reduce primary consolidation
under areas that are immediately adjacent to and through the
current embankment construction fill areas but could not be
filled during this contract period and will be filled at a later
date. One example of this case was the E-RS ramp shown in
Figure 1, which had to remain open during preloading. A
typical section showing the surcharge fill above the final grade
along the centerline of the ramp is shown in Figure 7. During
design, consideration was given to both a 36- and a 24-ft-wide

Temporary Wall 3
Ultimate Fumshed Grade TRy,
Ternnoracy Wall 4

—Surcharge Fill

Area C ¢
Existing
E-RS

Area B

FIGURE 7 Typical cross section of the
E-RS ramp with surcharge fill.
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TABLE 4 SURCHARGE FILL REQUIREMENTS
FOR THE E-RS RAMP AREA

Surcharge Height (ft)

Thickness of Clay 36-ft-Wide 24-ft-Wide
Layer (ft) Roadway Roadway
0-10 4.0 25
10-20 6.5 5.0
Greater than 20 12.5 10.0

roadway. A summary of the surcharge fill recommended for
achieving adequate precompression beneath the centerline of
the ramp is given in Table 4. These loads were consistent with
measured settlement response at the site.

Consideration also had to be given to potential settlements of
the completed westbound structure during future placement of
the eastbound preload fill. The eastbound lanes are scheduled
to be constructed 4 to 6 years after the westbound lanes in the
area of the existing Lakeway structures, shown in Figure 1. The
structural fill for the westbound embankments was selected
such that the maximum stress change that might be induced in
the compressible layer by any future loading could be accom-
plished during the current construction period. As shown in
Figure 8, the total surcharge must be that which would be
necessary to mitigate secondary settlement below the west-
bound fills if no other fill were to be placed plus additional
surcharge to mitigate settlement caused by the future eastbound
fill with its surcharge.

DESIGN AND CONSTRUCTION OF
PREFABRICATED VERTICAL DRAIN

The 3-ft-thick intermediate sand layer encountered at about
Elevation 30 to 40 within the compressible clay unit, as indi-
cated in Figure 3, was typically in the area north of the WA-90
main line and slightly west of Rainier Avenue. For the settle-
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ment analyses, the sand layer was considered discontinuous
and limited, which eliminated consideration of double drain-
age. In addition, the natural materials underlying the compress-
ible clay unit, which include older hard lacustrine clays and
dense glacial till, have a very low permeability, which results in
a single-boundary drainage condition.

Evaluation of the consolidation process indicated that pri-
mary consolidation would not be complete for a period ranging
from 3 months to 4 years after fill placement. However, con-
struction of a new bridge within the settlement areas was
proposed to begin within 12 months. To accelerate consolida-
tion, wick drains were recommended within those areas that
have a clay thickness greater than 15 ft. Those areas with less
than 15 ft of clay were expected to have primary consolidation
complete within 6 to 8 months. A summary of the estimated
time to complete 90 percent of primary consolidation for dif-
ferent wick drain spacings is given in Table 5 (3, p. 718; 4,
p. 302).

Approximately 165,000 lineal feet of wick drains were in-
stalled before fill was placed. The length of vertical drains
varied between 30 and 60 ft, and they terminated at the ground
surface in a 30-in.-thick sand drainage blanket at the base of the

TABLE 5 COMPUTED CONSOLIDATION
TIME WITH WICK DRAINS

Time for 90 Percent

Wick Spacing Primary Consolidation

(0 (days)®
5 20
6 30
15 51
10 100
12.5 168

9The time for completion of primary consolidation
when preloading with vertical drains is controlled
by the spacing of drains and not the thickness of
clay.

LOG TIME

v

No Surcharge

SETTLEMENT

END OF PRIMARY SETTLEMENT

FIGURE 8 Simplified theoretical concept to reduce long-term
settlement of the westbound Rainier Avenue overcrossing

embankments.
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embankment. In addition, approximately 37,500 ft of predrill-
ing was required to get through 15 to 25 ft of medium-dense,
natural deltaic deposits and fill material before the 15 to 40 ft of
compressible clay was penetrated. The drains consisted of a
thin, 4-in.-wide plastic core within a geotextile envelope
(sleeve) and were spaced at 8 ft on centers in a triangular
pattern. The 8-ft spacing was chosen because the bridge con-
struction contract required completion of primary consolidation
within 60 to 90 days after placement of the fill.

Installation techniques were restricted to vibratory, constant
load, or constant rate methods. Jetting methods or jacking of
the mandrel with consecutive in and out movements was not
allowed because of an increased tendency to smear the inter-
face area. During construction, a vibratory hammer attached to
a steel mandrel and guided by pile-driving leads was used to
install the drains.The area of the mandrel was limited to 12 to
14 in? (again for the purposes of reducing the effects of
smearing), and the mandrel was periodically checked during
construction for damage. The contractor was prequalified on
the basis of experience and equipment, and details of the
sequence of installation, method of installation, and tools and
equipment were submitted and approved before construction
was begun.

Each drain was driven to refusal at approximately the depth
predicted during design. The final location of each drain was
maintained within 6 in. of the designated location and within 5
degrees of vertical. The wick drains were installed with rela-
tively few problems. Occasionally, the aluminum shoe attached
to the wick at the bottom of the mandrel would collapse inside
the mandrel. The shoe is a thin aluminum plate slightly larger
than the mandrel with a hook on the back side where the drain
is attached. This only occurred when the predrilled hole did not
penetrate the relatively dense fill material and deltaic deposits
that overlie the soft lacustrine silts and clays, resulting in hard
driving conditions. The predrilling operation was also rela-
tively problem free, although it was sometimes difficult to
determine when the auger had completely penetrated the upper
dense-soil strata.

The predrilling operation was by nature a slower operation
than was actual wick drain installation. Depending on the
timing and squencing, wick drain installation was sometimes
hindered by the slowness of predrilling. The average rate of
predrilling was approximately 1,900 ft/day, with a maximum
rate of 3,000 ft/day under optimum working conditions and
with few breakdowns. The rate of wick drain installation aver-
aged approximately 5,000 ft/day, with a maximum rate of
11,000 ft/day under optimum working conditions and with few
breakdowns.

REINFORCED-SOIL WALL DESIGN AND
CONSTRUCTION

As shown on Figure 1, the existing WA-90 eastbound and
westbound roadways currently consist of the Lakeway struc-
tures, which are pile-supported, elevated, concrete roadway
decks. The exact depth and capacity of the existing piles is not
known. To prevent pile downdrag loads and the potential for
structural distress, caused by differential settlement, to the
existing roadway, the lateral extent of the westbound embank-
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ment had to be limited to a minimum horizontal distance from
the Lakeway structures equal to one-half the depth from the
ground surface to the bottom of the compressible layer.

More restrictive geometric constraints existed along Rainier
Avenue where the adjacent embankment height including the
surcharge fill would be a maximum of 52 ft. In this area and the
area adjacent to the Lakeway structures, potential differential
settlements and damage to the existing roadways and major
utilities, combined with the problem of encroachment of the
fill, could not be prevented without a retaining system. Because
total and differential settlements would be on the order of 2 and
1'/2 ft, respectively, the wall systems required flexibility, and
the retaining walls were temporary, a reinforced-soil system
was recommended for design of the preload and surcharge
retaining walls to limit the extent of fill placement and reduce
the impact on existing structures and utilities. The following
reinforced-soil retaining walls were recommended for use and
included in the final design documents:

¢ Temporary Reinforced Earth wall,
e Fabric wall,

e Geogrid wall, and

o Hilfiker welded wire mesh wall.

Wall Design Recommendations and Procedures

All four wall systems were included in the design documents
for the purpose of improving the potential for cost savings
through competitive bidding. It should be noted, however, that
the fabric and geogrid wall systems were limited to areas in
which the wall height did not exceed 30 ft. This limiting
criterion was established because of a lack of construction
experience with and proven performance of walls of this type
in excess of 50 ft in height. In addition, detailed specifications
were shown on the drawings for the forming system required at
the face of the wall for these two wall systems. Fabric and
geogrids require forms to hold the shape of the wall face during
construction. A typical wall section is shown in Figure 9 and
the plan view of the wall locations is indicated in Figure 1.
Table 6 is the temporary soil-retaining wall schedule used in

Top Layer
Reintaorcement
40:(1! Ba)ue:\ |
yp \14|r3— —
Temporary Wall Face ;
| Limits of Temporary
tg4 - Reinforcing I Wall Construction
Layer Thi
~, - —
s ~--Gravel Borrow —¢

lo = Face Embedment Length _‘\l
(Geotext or Geogrid)

P 5 ——
Chain Link Fence —{ |4 { I
=

Top of Grade after Site-.
Preparation and Grading

:."' . » . \
L — \_J

A 2'-6" Sand Drainage Blanket
'b = Effective Base Width

FIGURE 9 Typical wall section.
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TABLE 6 TEMPORARY SOIL-RETAINING WALL SCHEDULE

Distance from Wall Layer Base Face
Wall Top of Wall Thickness Width  Embedment
Type (ft) (in.) (ft) (ft) Reinforcing Material Remarks
A 0-20 12 15 5 Tensar SR-2 Geogrid
A 920 18 15 5 See special provisions Geotextile
A 0-20 18 15 N/A WWF 6x9 W4.5xW3.5 Hilfiker
A 0-20 18 15 N/A Bar 2 X8GA @ 24 in. C-C Reinforced Earth
B 0-20 12 23 5 Tensar SR-2 Geogrid
B 20-30 8 23 5 Tensar SR-2 Geogrid
B 0-20 18 23 5 See special provisions Geotextile
B 20-30 12 23 5 See special provisions Geotextile
B 0-20 18 23 N/A WWEF 6x9 W4.5xW3.5 Hilfiker
B 20-30 18 23 N/A WWEF 6x9 W7xW3.5 Hilfiker
B 020 18 23 N/A Bar 2 X8GA @ 24 in. C-C  Reinforced Earth
B 20-30 18 23 N/A Bar 2 X8GA @ 18in. C-C  Reinforced Earth
C 0-20 18 35 N/A WWF 6x9 W4.5xW3.5 Hilfiker
& 20-30 18 35 N/A WWEF 6x9 W7xW3.5 Hilfiker
C 3047 18 35 N/A WWF 6x9 W9.5xW4.0 Hilfiker
& 0-20 18 35 N/A Bar 2 X8GA @ 24 in. C-C  Reinforced Earth
c 20-30 18 35 N/A Bar 2 X8GA @ 18in. C-C  Reinforced Earth
C 30-47* 18 35 N/A Bar 2 X8GA @ 12 in. C-C  Reinforced Earth
D 0-20 18 44 N/A WWEF 6x9 W4.5xW3.5 Hilfiker
D 20-30 18 44 N/A WWEF 6x9 W7xW3.5 Hilfiker
D 3047 18 44 N/A WWF 6x9 W9.5xW3.5 Hilfiker
D 47-57 18 44 N/A WWEF 6x9 W12xW5.0 Hilfiker
D 0-20 18 44 N/A Bar 2 X8GA @ 24 in. C-C  Reinforced Earth
D 20-30 18 44 N/A Bar 2 X8GA @ 18 in. C-C Reinforced Earth
D 3047 18 44 N/A Bar 2 X8GA @ 12in. C-C  Reinforced Earth
D 47-57* 18 44 N/A Bar 2 X8GA @ 9 in. C-C Reinforced Earth

NoTE: An asterisk (*) denotes maximum total height of wall. N/A denotes not applicable. Al WWF shall have large-diameter
wire placed perpendicular to wall face geogrid and geotextiles shall be placed with main tensile strength placed perpendicular to

wall face.
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the design documents. The Hilfiker welded wire mesh wall
system was chosen by the contractor for the project because it
was determined to be the lowest cost system during the bid
process. The cost included manufacturer’s material cost plus
costs associated with ease of construction and schedule impact.
Final construction costs are summarized in Table 7. Figure 10
is a photograph of the welded wire mesh wall under
construction.

Analysis of the external stability of the wall system included
an evaluation of the potential for sliding and overturning with
corresponding minimum factors of safety of 1.5 and 2.0. For
internal stability, active lateral earth pressure coefficients and a
factor of safety of 2.0 were used to design the geogrid soil-
reinforced system and temporary Reinforced Earth system,
consistent with the standard of practice at the time [personal
communication from J. R. Bell of Oregon State University,

TABLE 7 COST BENEFITS FROM DESIGN RECOMMENDATIONS

Savings
Cost ($) )
Use of zoned embankment fill permitted use of native
soils in the Seattle lid area 535,000

Sand drains (original): 164,622 ft @ $4/ft (658,500)
Wick drains: 164,622 ft @ $1.07/ft 176,150
Predrilling: 47,425 ft @ $2.80/ft 132,800 349,550
Reinforced Earth wall (original) 43,723 fi2 @ $25/ft2 (1,094,000)
Hilficker welded wire mesh reinforced-soil retaining wall

5,107 12 @ $7.80/ft2

15,421 fi2 @ $8.80/ft2

13,958 f2 @ $11.50/fe2 467,200 626,300

9,237 fi2 @ $14.20/ft2
Pile support at abutments (original) (350,000)
Surcharge fill at abutments 50,000 300,000
Total savings 1,276,350
Project cost 3,400,000
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FIGURE 10 Welded wire mesh wall under construction.

1985 and Haliburton et al. (5)]. The geotextile fabric—rein-
forced system and the Hilfiker welded wire mesh system were
designed using an at-rest lateral earth pressure coefficient with
a factor of safety of 1.5. The allowable working tensile stress
was limited to 55 percent of the yield strength of the steel for
the Reinforced Earth and welded wire mesh system. The allow-
able tensile stress for the geotextile fabric—reinforced system
was limited to 40 percent of the ultimate for nonwoven fabrics
as determined by the ultimate grab tensile strength (ASTM D
1682-75) and 33 percent of the ultimate tensile strength for
woven fabrics, which was based on the state of practice at the
time (J. R. Bell). State of practice currently is to use 40 percent
of the ultimate grab tensile strength for all fabrics excluding
polyesters for which 60 percent is typically used. Geogrid
working stress was also limited to 40 percent of the ultimate
tensile strength. The state of the practice on limiting the work-
ing stress levels to the values in geotextiles and geogrids has
been rapidly changing during the past few years because of
recently available creep data and steadily improving standard-
ization. Long-term creep stability of geotextiles and geogrids in
soil is still, in general, unknown, which results in conservative
allowable tensile stresses. Since completion of design, these
standard practices have changed as noted previously. This is a
reflection of how rapidly design methods using fabrics are
currently changing.

To evaluate corrosion protection, both the pH and the appar-
ent electrical resistivity of the fill material were included in the
analysis for the alternative system utilizing steel.

The recommended embankment material was Washington
State Department of Transportation’s standard specification for
gravel borrow, which consists of 1Y/4-in. minus, well-graded,
clean sand and gravel. It was recommended that the wells could
be built vertically but that some minor batter should be consid-
ered because of the lateral strain that might occur during
loading of the wall. In addition, it was recommended that the
lower 10 ft of wall be protected from vandalism by gunite or a
fence.

Comments on Construction

The westbound embankment preload shown in Figure 1 covers
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a 3-acre site. The embankment includes 256,000 yd3 of sand
and gravel borrow that consists of a clean, fine to medium sand
with trace coarse sand and fine gravel. Temporary earth walls
completed totaled 43,725 fi® and extended to a maximum
height of 52 ft above Rainier Avenue. Use of the temporary
walls allowed fill to be placed immediately adjacent to Rainier
Avenue and prevented encroachment of the fill into the area of
the Lakeway structures, thus preventing damage to those pile-
supported structures. An additional application for the soil wall
system along the E-RS ramp was noted previously and is
shown in Figure 7. This ramp had to remain in service during
preloading, and it was recommended that surcharge fill be
placed above the final grade to achieve the primary consolida-
tion necessary beneath the centerline of the ramp.

Face batter tolerance during wall erection was limited by
specification to < 1 in./10 ft of wall height. Actual vertical
tolerances in the field were within the specified tolerances. Wall
construction went smoothly, though slowly at first. The first
month of wall construction was a time of learning for the
contractor. Because welded wire retaining walls are relatively
new to the Pacific Northwest, most contractors have had little
or no experience building welded wire walls. The contractor’s
greatest difficulty during this early period was in developing an
acceptable method for aligning the welded wire mats properly.
After the contractor had made it through this initial period, wall
construction rates varied from 250 to 650 ft* per day. All of the
temporary walls, when completed, were within the tolerances
for wall face batter and alignment specified in the contract.
Though the walls were subjected to what was in some cases
substantial differential settlement (more than 18 in. over 150 ft
of wall) no distress was visible in the wall face.

INSTRUMENTATION PROGRAM

The actual settlement response due to the preload and sur-
charge loads was measured to determine the time of completion
of primary consolidation and to compare the actual settlement
characteristics of the soil with those used in design. This is
particularly important for creep characteristics and secondary
settlement because design parameters obtained in laboratory
tests are not always reliable and accurate. Another potential
source of differences between the predicted and measured
settlements is induced changes in the consolidation characteris-
tics of the soil resulting from the wick drain installation.

The following instrumentation program was recommended
for use at this site:

1. Twelve pneumatic settlement-sensing devices at the base
of the fill with four remote readout stations,

2. Four downhole settlement-measuring devices,

3, Three pneumatic piezometers for pore pressure
measurements,

4. Ten surface monuments for settlement monitoring along
existing streets and at the base of soil-reinforced walls,

5. Survey control of the wall face to measure outward de-
flection, and

6. Instrumentation of welded wire mats for stress-deforma-
tion response.
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The recommended instrumentation location plan is shown on
Figure 11. Minor modifications to the locations of the readout
stations were made at the time of construction because of site
grading considerations.

For improved accuracy, pneumatic settlement-sensing de-
vices consisting of three-tube liquid systems instead of the
standard two-tube devices commonly available were used. It
was specified that settlement sensitivity be accurate to 0.3 in.
and that all devices be prooftested before approval. Each read-
out station and reservoir was protected by a vandalproof, water-
proof protective cover. Readings were taken at weekly intervals
during filling and the first month following completion of
embankment construction; thereafter, readings were required at
least twice a month.

As indicated previously, as much as 15 to 25 ft of surficial fill
and deltaic deposits were observed across the site. The contri-
bution to total settlement from these surficial materials was
expected to range between approximately !+ and !/3 of total
settlement. Because these materials were granular in contrast to
the more compressible cohesive lacustrine sediments at depth,
the settlement response in this zone was also expected to be
predominantly elastic and occur immediately during fill place-
ment. Therefore the actual response of the more compressible
clay unit measured from the surface settlement devices was
expected to be masked to some extent by the settlement re-
sponse of the upper fill and deltaic deposits. More important,

!

the overall shape of the time-deformation curve obtained from
field measurements could be distorted; and corresponding crit-
ical indications of completion of primary consolidation and
actual creep characteristics could be misinterpreted. To reduce
the potential inaccuracies due to this site condition, four down-
hole settlement devices were installed so that a vertical settle-
ment profile of the clay, deltaic deposits, and fill material could
be measured and field settlement characteristics could be com-
pared with those assumed on the basis of laboratory tests
during design.

The residual long-term settlement response was critical to
the overall design, particularly in the area of the abutments
where long-term settlement had to be limited to s to /2 in.
Therefore it was required that the four downhole devices be
placed at the two bridge abutments. Six to eight settlement
rings were placed in the fill and natural soils below the ground
surface to profile the vertical settlement.

Pneumatic pore pressure devices were specified for use in
evaluating the pore pressure response during filling and pre-
loading. Because of the relatively high, nearly vertical walls
along the perimeter of the fill, shear stresses comparatively
higher than those that might be expected below standard fill
slopes were expected in the natural soils below the perimeter.
Therefore one function of these devices was to aid in evaluat-
ing the stability of the foundation support. In addition, the pore
pressure devices provided a means of monitoring the degree of
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FIGURE 11 Recommended instrumentation location plan.



72

consolidation for comparison with the time-deformation curves
obtained from the other field measurements.

To provide some redundancy in the field settlement data, it
was recommended that surface monuments be placed around
the perimeter of the fill area and measured during and after
filling operations. This would allow comparison with the mea-
surements obtained from the pneumatic devices, and, in the
case of a system failure, the field measurements from surface
monuments would provide backup data.

Outward tilting of the wall and resultant loss of batter were
also of concern. Survey control was maintained during con-
struction to monitor wall face movement, and only minor
deflection occurred. Finally, it should be noted that detailed
stress conditions in the welded wire mesh behind the wall face
and corresponding earth pressures were evaluated (L. R. An-
derson et al., unpublished data).

SETTLEMENT RESPONSE
Magnitude of Primary Consolidation

Summarized on Figure 12 are the predicted and measured
settlements of the embankment and surcharges. In general, it
was thought that the total magnitude of primary consolidation
was reasonably close to the predicted values. In the area of the
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east abutment, the settlements were generally equal to or less
than the predicted values. The 12-ft-diameter utilidor (Figure
1) through this area may act to reinforce the soil mass in the
upper 15 to 20 ft of material. This could lead to a stress
reduction in the lower, more compressible clay layer and result
in correspondingly lower settlements.

West of Rainier Avenue, a number of causes could have led
to the variation between the predicted and measured values. It
is believed that the variability in the extent and thickness of the
organic lacustrine sediments accounts for those areas having
measured settlements both higher and lower than predicted. In
addition, the 84-in,-diameter storm drain just west of the west
abutment would act to reinforce the soil mass and possibly to
limit the amount of settlement. The variability in the thickness
of the clay layer (Figure 5), combined with the variability in the
relative density and thickness of the fill and deltaic deposits,
would also contribute to the relatively minor differences be-
tween the predicted and the measured values.

Time Required To Complete Primary Consolidation

The time-related response indicating the time to completion of
primary consolidation and the creep characteristics of the clay
unit are shown in Figure 13. This figure also includes the
response curve for Downhole Device 2 beneath the west abut-
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FIGURE 12 Summary of predicted and measured settlement.
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Bridge 21.

ment. This curve is typical of the settlement curves at other
locations and is considered representative of this area. The
curves include the total settlement curve, the settlement for
Rings 4 and 5 located within the clay unit, and monuments
3450, 4+50, and 5+17 located at the ground surface near the
base of Temporary Wall 4 (Figure 12).

In general, the time required to complete primary consolida-
tion varied between 65 and 170 days for all three areas of
preloading (Areas A, B, and C in Figure 1). In particular, Area
B, represented in Figure 13, varied between approximately 65
and 150 days. The estimated time was approximately 75 days,
or one-half the maximum time recorded. However, the actual
time available to complete primary consolidation was approx-
imately 210 days; therefore there were no delays imposed on
future construction.

A primary factor associated with the longer measured time-
required to complete primary consolidation is thought to be
smear effect. Smearing of the clay interface with the wick drain
during installation can lead to reduced lateral drainage. An-
other possible factor may be the shape of the plastic core of the
wick drain. The plastic core of the wick drain consisted of
alternating linear channels. If the wicks were bent during con-
solidation, a substantial reduction in flow could result, which
would increase the time required to complete primary consol-
idation. Also, it is thought that the potential for reduced drain-
age rates during consolidation may be attributed to compres-
sion and possibly localized shear of the clay unit. In the latter
case, shear planes might result in reorientation of the soil
particles and reduce the horizontal permeability of the soil.
There was no observed evidence of any of these factors, but,
even though the causes are speculative, others also believe
them to be likely (6).

Secondary Settlement

Laboratory results indicated that the coefficient of secondary
compression varied between 0.002 and 0.004 [C, = (AH/
H)/Alog,t, (2)]. Because the laboratory-measured value of
secondary compression is typically lower than that measured in
the field, a value of 0.005 was assumed in this analysis. The
backcalculated value of the coefficient of secondary compres-
sion was generally less than or equal to the assumed value of
0.005. Therefore additional surcharge fill was not required after
construction of the embankment.

SETTLEMENT OF THE UTILIDOR AND STORM
DRAIN

Three large utility lines pass beneath the preload fills (Figure
6): an 84-in.-diameter precast reinforced concrete storm drain,
which was to have been replaced, located beneath the west
embankment and two 12-ft-diameter precast reinforced con-
crete utilidors located beneath the east embankment. Each
utilidor consists of a 54- or 66-in. water line with two 10-in.-
diameter cased electrical lines. The tops of these utility lines
are approximately 5 to 7 ft below the base of the preload fills.
The plan locations of the utilidors and storm drain are shown in
Figure 1.

The 84-in.-diameter storm drain was monitored for settle-
ment and was also visually inspected for damage 6 months
after the preload fill was constructed. The total settlement
measured along the length of the storm drain is shown in Figure
14. The maximum settlement of 15 in. occurred in the vicinity
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of the face of the temporary wall. Settlement of the preload fill
above the storm drain was approximately 16 to 19 in. Differen-
tial settlement was as much as 0.5 in./ft. The storm drain had no
settlement at a distance of 50 ft in front of the temporary wall.
Visual inspection of the drain revealed that the pipe joints in the
vicinity of the temporary wall face had suffered severe distor-
tion. One of the joints suffered a 4-in. vertical offset. The other
joints suffered some obvious displacement and cracking that
were less severe than those observed at the first joint. The
settlement also caused a manhole located in the vicinity of the
temporary wall face to be driven down into the pipe. This
caused some cracking in the joint between the pipe and the
manhole. Despite this damage, the storm drain was still func-
tional, though with reduced flow capacity, at least on a tempo-
rary basis. It is anticipated that the drain will remain usable
until the planned replacement of the storm drain with a new
line near Rainier Avenue.

Settlement of both utilidors was also monitored and was
found to be minimal. Though the preload fill above the utilidor
settled as much as 6 in., the utilidor nearest Rainier Avenue
only settled 0.5 in., and the other utilidor only settled 1.5 in.
Both utilidors were designed to handle up to 2 in. of settlement.
The utilidors functioned normally after settlement was
complete.

STAGED EXCAVATION

Immediately adjacent to the westbound embankment preload
project is the Seattle lid section (or cut-and-cover tunnel) of the
1-90 project, approximately 2,000 ft east. This section of the
roadway was going to require a massive excavation of native
glacial outwash and moisture sensitive glacial till materials
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consisting of layers of silt, sand, gravel, and silty sand and
gravel. Because of wet weather conditions in the region, most
of this material was to be wasted. As part of this study, it was
recommended that the lidded section be evaluated as a potential
borrow source for that portion of the fill beyond the reinforced
embankment areas. A subsequent investigation indicated that
the materials and site conditions were suitable for a borrow
source. The embankment was subsequently designed as a
zoned embankment and the native materials were used beyond
the wall areas, which made optimum use of on-site soils.

COST BENEFITS TO THE PROJECT

Several recommendations made during the final design study
for this project resulted in a significant cost savings over the
concepts developed during the preliminary studies for this
project. A summary of the cost benefits is given in Table 7. The
cost savings realized from the use of a zoned embankment was
estimated to be approximately $535,000. During the prelimi-
nary studies, it was thought that predrilling and wick drains
were not amenable to the site conditions. Therefore augercast
sand drains were proposed for use at that time. Evaluation
completed during design indicated that wick drains and pre-
drilling were appropriate for the site conditions. This resulted
in a savings of about $350,000.

At the completion of the preliminary studies in 1981, the
types of reinforced-soil wall systems in common use were
basically limited to temporary Reinforced Earth walls. During
these final design studies, the design team sought to incorporate
all of the currently available reinforcing materials now in use
for constructing temporary, flexible, soil-reinforced wall sys-
tems. By including all four types currently in use in a competi-
tive bidding process, a savings of approximately $627,000 was
realized.

It was also recommended in 1981 that the bridge abutments
for Bridge 22 be pile supported. However, during this study the
use of surcharge fills to eliminate long-term settlements at the
abutments was evaluated and determined feasible. This re-
sulted in a cost savings of approximately $300,000. It is worthy
of note that this foundation cost does not include the potential
added cost and problems of predrilling piles through 40 ft of
compacted fill and welded wire mesh soil reinforcement. Total
combined cost benefits amounted to nearly one-third of the
total cost of the project.

SUMMARY

In summary, it is believed that the measured settlements com-
pared well with the calculated settlements. However, the time
required to complete primary consolidation in some areas was
twice the time predicted from conventional consolidation the-
ory for application of prefabricated vertical drains. Although
there was no observable evidence of the cause, such effects as
smear, changing soil consolidation properties due to compres-
sion, shearing of the soil, or bending of the prefabricated drain
could increase the time required to complete consolidation (6).
In general, it was thought that the soil-reinforced walis, design
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heights of which ranged from 10 to 55 ft above the existing
ground surface, performed well. Finally, it was the intent in this
paper to show how numerous geotechnical-related features of
this design were implemented at a substantial cost savings to
the project compared with the more conventional methods
previously used in similar projects.
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Ultimate Resistance of Vertical Square

Anchors in Clay
Braja M. Das

Laboratory model test results for the ultimate pullout resis-
tance of square vertical anchors in saturated clay are pre-
sented. Pullout resistance can be expressed In the form of a
nondimensional breakout factor. The breakout factor increases
with the embedment ratio of the anchor up to a maximum
value and remains constant thereafter. A tentative empirical
procedure, based on the laboratory test results, for estimating
anchor pullout reslstance is outlined.

Vertical anchor slabs (Figure 1a) are used in many instances in
the construction of earth-retaining structures. They are also
used in the design of pipeline bends. Recently, the results of a
number of experimental and theoretical studies related to the
ultimate resistance of vertical anchors in sand have been pub-
lished (I-5). Most of the important findings of those studies
have been summarized elsewhere by Das (6). In contrast, few
attempts have so far been made to estimate the ultimate resis-
tance of vertical anchors of limited height and width embedded
in clay soils. The purpose of this paper is to present the results
of some laboratory experimental studies of the ultimate pullout
resistance of square anchor plates embedded in saturated or
nearly saturated clayey soils.

ULTIMATE RESISTANCE OF VERTICAL ANCHORS
IN CLAY

Mackenzie (7) conducted a number of laboratory model tests
on strip anchors in two different saturated clay soils. According
to this study, the ultimate resistance of vertical anchors can be
conveniently expressed in a nondimensional form as

F, =% M
(BL)c,
where
F, = breakout factor,
Q, = ultimate anchor pullout resistance,
B = height of anchor plate,
L = length of anchor plate, and
¢, = undrained cohesion of clay.

Department of Civil Engineering, The University of Texas at El Paso,
El Paso, Tex. 79968. Current address: Department of Civil Engineer-
ing and Mechanics, Southern Illinois University at Carbondale, Car-
bondale, Il 62901-6603.

It needs to be pointed out that the term ‘“‘breakout factor”
was not used by Mackenzie (7). For convenience only, it has
been introduced here.

The average variation of the breakout factor with embed-
ment ratio /B (where 1 = depth of embedment of the anchor
plate as shown in Figure 1) as obtained by Mackenzie (7) is
shown in Figure 2. This has also been shown by Tschebotarioff
(8). On the basis of Figure 2, the following general conclusions
can be drawn:

1. The magnitude of F, for a given anchor plate in a given
soil increases with H/B.

2. There appears to be a critical value of embedment ratio,
HIB = (HIB),,, at which the magnitude of the breakout factor
approximately attains a maximum value, F, = f;

3. For H/B > (HIB),,, the value of F_ remains constant (i.c.,
equal to F).

In Figure 2, the value of (H/B),, is approximately equal to 12
or 13, and F, = 9. Hence, anchors with J/B < (H/B),, may be
referred to as shallow anchors for which general shear failure in
soil takes place and the failure surface extends to the ground
surface as shown in Figure 1. For anchors with embedment
ratios of H/B > (H/B),,, local shear failure in soil takes place,
and these anchors may be referred to as deep anchors, as shown
in Figure 1c. Tschebotarioff (8) has commented that in the field
the unit weight of the soil () should have some influence on the
ultimate resistance of an anchor. The effect of unit weight on
the ultimate resistance (Q,) obtained from the laboratory tests
is somewhat negligible. However, for actual design work the
use of laboratory test results will provide conservative
estimates.

Meyerhof (9) has suggested that a conservative estimate of
the breakout factor (F,) with embedment ratio may be given as
follows:

For strip anchors,

F, = 1.0(H/B) (with a maximum of 8) @)
For square anchors,
F,. = 1.2(H/B) (with a maximum of 9) o

Equations 2 and 3 imply that the critical embedment ratio oi
strip anchors is about 8 and that for square (or circular) anchors
it is about 7.5. For comparison purposes, these equations have
also been plotied in Figure 2.
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The present study relates to the ultimate resistance of square
anchors only, because there are practically no experimental
results available in the literature. Also, it needs to be realized
that the magnitude of (}/B),, may change with the consistency
of clay [i.e., the undrained shear strength (c,)]. This is true in a
closely related problem—the uplift capacity of horizontal an-
chors in clay (10).

LABORATORY INVESTIGATION

To estimate the ultimate resistance of horizontal anchors in
saturated or nearly saturated clay, a number of model tests were
conducted in the laboratory with two model anchors measuring
38.1 x 38.1 mm and 50.8 x 50.8 mm (BxL). The anchors were
made from a steel plate 9.5 mm thick.

Two different clay soils were used for the testing program.
The grain-size distributions of the two soils were determined
by sieve and hydrometer analyses in the laboratory, along with
their Atterberg limits. A summary of the preliminary tests is
given in Table 1.

TABLE 1 PROPERTIES OF SOILS USED FOR LABORATORY
TESTS

Quantity
Item Soil A Soil B
Percent passing No. 200 U.S. sieve 78 68
Percent finer than 0.002 mm 29 26
Liquid limit 32 39
Plastic limit 19 14
Plasticity index 13 25
Unified soil classification CL CL

The soils were initially pulverized in the laboratory, and
desired amounts of water were added to them. After thorough
mixing the moist soils were transferred to several plastic bags.
The bags were then sealed and kept in a moist curing room for
about a week before use.

All model tests were conducted in a box with inside dimen-
sions of 0.915 x 0.508 x 0.915 m (height). A schematic dia-
gram of the laboratory test arrangement is shown in Figure 3.
To conduct a test, the anchor was rigidly attached to a steel rod
7.94 mm in diameter. The rod, in tum, was attached to a steel
cable with a diameter of 4.76 mm. The cable passed over a
pulley, and the other side of the cable was attached to a load
hanger.
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TABLE 2 LABORATORY TEST PARAMETERS
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Average Average Average Average
Moist Unit Moisture Degree of Undrained Range of
Width of Weight of Content of Saturation of ~ Shear Embedment
Test Soil Plate (B) Compacted Compacted Compacted Strength Ratio
Series Used  Used (mm)  Soil (kN/m?)  Soil (%) Soil (%) (c,) N/m®)  (H/B) Tested
1 A 50.8 19.65 24.5 97 20.34 1-8
2 A 38.1 20.76 17.6 94 42.4b 1-9
3 B 50.8 19.03 28.5 98 12.5¢ 1-7
4 B 38.1 20.29 185 92 28.10 1-8
5 B 38.1 20.65 162 93 52.0b 1-9

4Determined from laboratory vane shear tests.
Determined from unconsolidated, undrained triaxial tests.

The moist soil from the plastic bags was poured into the box
and compacted in 50.8-mm-thick layers to the desired height.
The compaction was done in sections using a flat-bottomed
rammer. Proper compaction around the anchor plate was a
difficult task. A small flat-bottomed rammer with sides measur-
ing 101.6 x 101.6 mm was used to compact the clay around the
anchor.

After compaction, step loads were placed on the load hanger,
and the corresponding horizontal movements of the anchor
were observed by a dial gauge. A time lapse of from 5 to 8 min
was allowed between the placement of each step load, and the
loading continued until failure occurred. The time lapse was
allowed because a steady movement of the anchor was noted
immediately after load application (primary creep). After the
time lapse of from 5 to 8 min, the horizontal movement of the
anchor plate was practically zero.

A total of five series of tests were conducted in the labora-
tory. Details of the tests are given in Tables 2 and 3. It needs to
be pointed out that the values of the unit weight and moisture
content given in Table 2 are the arithmetic average values. For
each test, five or six samples were taken from various depths at
random for determination of the unit weight of compaction and
moisture content. This was done at the end of the pullout tests
using a 76.2-mm-diameter, thin-wall tube 152.4 mm long. The
difference between the minimum and the maximum values of
the unit weight for any given series was no more than about 6
percent, which was to be expected when working with moist
clay soil. Some of the thin-wall tube samples for Test Series 2,
4, and S were trimmed to prepare triaxial test specimens (35.56
mm in diameter and 76.2 mm in height). The triaxial test
specimens were tested with a chamber confining pressure of 70
kN/mz. In Test Series 1 and 3, which involved softer clays, the
trimmed specimens were not particularly good for triaxial tests.

TABLE 3 DETAILS OF LABORATORY

TESTS

Test Soil Embedment Ratios of
Series Used Tests

1 A 1,2,3,4,5,6,7,8
2 A 1,2,3,4,5,6,7,8,9
3 B 1,2,3,4,5,6,7

4 B 1,2,3,4,5,6,7, 8

5 B 1,2,3,4,5,6,7,8,9

For that reason, laboratory vane shear tests were used to deter-
mine c,, although it is well known that laboratory vane shear
tests are not extremely reliable (11). The stress-strain curves of
triaxial tests were somewhat similar in shape to the load-
displacement plots obtained in the anchor pullout tests.
However, it is difficult to compare the peak axial strain levels
of triaxial tests with the horizontal displacement levels of the
anchors at ultimate load.

MODEL TEST RESULTS

Typical net load versus displacement plots obtained from the
laboratory model tests are shown in Figure 4. For all tests, the
ultimate loads were defined as the points at which sudden
pullout occurred or the load-displacement plots took an almost
linear shape.

The ultimate loads for all tests determined in this manner are
shown in Figures 5 and 6. Figure S shows the values of Q, for
tests conducted with Soil A (i.e., Test Series 1 and 2); and,
similarly, results of the tests conducted using Soil B (i.e., Test
Series 3, 4, and 5) are shown in Figure 6. It needs to be pointed

Test
box

FIGURE 3
the laboratory.

Load
hanger

Load

Schematic diagram of the model test arrangement in
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out that the horizontal rod attached to the center of the anchor
plate had a large diameter compared with the anchor plate
dimensions. For that reason, before the start of the actual model
test, the adhesion between the rod and the clay was separately
determined. In plotting the variation of the load Q and the
anchor displacement, the adhesive force between the soil and
the rod at corresponding displacement levels was subtracted
from the observed load. The maximum adhesive forces be-
tween the rod and the clay determined from the laboratory were
36, 59, 29, 55, and 66 N for Test Series 1, 2, 3, 4, and §,
respectively.

Using these net ultimate load values and Equation 1, the
breakout factors at various embedment ratios have been calcu-
lated and are shown in Figures 7 and 8. It needs to be pointed
out that, for square anchors, B = L; hence, Equation 1 takes the

F, = )

Breakout factor, Fe
[e2]
T
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FIGURE 7 Plot of breakout factor (F ) against
embedment ratio—Series 1 and 2.

In evaluating the values of F, shown in Figures 7 and 8, the
average undrained shear strength values (c,) given in Table 2
have been used. It can be clearly seen from Figures 7 and 8 that
the general trend of the variation of F, with /B is similar to
that obtained by Mackenzie (7) as shown in Figure 2. Some
scattering of experimental results can well be expected in tests
of this type.

Itis also of interest to note that the plots of I, versus H/B for
50.8-mm plates (Test Series 1 and 3) as shown in Figures 7 and
8 are higher than those for 38.1-mm plates. This is because
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tests in softer clays were conducted with 50.8-mm plates. The
nondimensional breakout factor for softer clays increases more
rapidly with H/B up to a maximum value than do those for
stronger clays. In other words, for shallow anchors at similar
embedment ratios, AF /A (H/B) increases with the decrease of
€.

The critical embedment ratio [(H/B),,] as estimated from the
average plots of all test series is also shown in Figures 7 and 8.
These values of (H/B), have been plotted against the un-
drained shear strength of clay in Figure 9. The average plot can
be approximated as

(H/B),, = 4.33 + 0.067c, < 7 (5)

where ¢, is in KN/m’.

The maximum value of (H/B), = 7 is consistent with
Meyerhof’s (9) recommendation of 7.5. These values need to
be confirmed by large-scale field tests during which extreme

2 | | 1 | |
0 10 20 30 40 50 60
Undralned shear strength of clay, Cy (kM/m?)

FIGURE 9 Plot of (H/B),, versus undrained shear strength
of clay.
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care is taken to assure consistency of soil parameters, which are
not available in open literature at the present time.

Figure 10 shows the plot of the maximum value of the
breakout factor F, = F as obtained from the average plots
given in Figures 7 and 8. The magnitude of F, varies between
8.8 and 9.5 with an average value of 9.1. This is similar to the
magnitude of the bearing capacity factor N, =9 as obtained for
deep square and circular foundations on saturated clay under
compressive loading conditions. Considering the errors in-
volved in laboratory tests of the present type, the value of F,
may be conscrvatively assumed to be about 9.

10 T I T 1 ]
®
® Average = 9.1
ot — - - - —— |
] L]
(&}
I
8- =
7 | | | | 1
0 10 20 30 40 50 60

Undralned shear strength of clay, ¢ (KN/m?)

FIGURE 10 Varlation of Fc with undrained shear strength
of clay.

EMPIRICAL PARAMETRIC EVALUATION OF
ULTIMATE PULLOUT RESISTANCE

Das (12) has used two nondimensional parameters to propose a
design: procedure for the ultimate pullout resistance of horizon-
tal anchors in saturated clays subjected to vertical pullout
forces. A similar procedure can also be adopted for the problem
under consideration by defining the two nondimensional pa-
rameters as follows:

o = FJF, Q)

and

B = H/B %
(H/B),,

Using the average plots of F, versus H/B shown in Figures 7
and 8, the magnitudes of several B/o. versus [ have been
calculated, and these have been plotted in Figure 11. Although
there is some scattering, the points fall within a narrow range.
The average plot can be represented as

B_044+06p

o

or

a=_P ®

" 04 + 0.6p
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FIGURE 11 Plot of B/o. versus B obtained
from the average plots shown in Figures 7
and 8.

The preceding equations can now be used to propose a
tentative design procedure for estimation of the ultimate
pullout resistance of square vertical anchors in clay. The pro-
cedure can be modified in the future when the results of more
laboratory and field tests are available. A step-by-step approach
to the proposed procedure follows:

1. Obtain B, H, and c,,

2. Calculate H/B

3. Using Equation 5, estimate (H/B),,

4. If the actual H/B (Step 2) is greater than (}2//B),, (Step 3),
it is a deep anchor so

Q, = F.B%, = 9B, 9)

5. If H/B < (HIB),,, obtain B by using Equation 7. With an
estimated value of B, use Equation 8 to obtain o.. Now

Q. = (@F)(B%,) = 9aB’, (10)

The ultimate loads obtained by using this method may appear
large compared with the present conventional approach for
field design. However, many of the conventional procedures
have been developed using a simplistic approach without full-
scale field tests. Similarly, analogy can be made to the ultimate
load determination of vertical anchors embedded in sand. In
many design problems, the determination of ultimate load of
shallow anchors in sand is made by using the simplistic pro-
cedure outlined by Teng (13). However, recent centrifugal tests
in the laboratory by Dickin and Leung (14) have shown that
good agreement exists between their tests and the semiempiri-
cal procedure developed by Ovesen and Stromann (5) based on
laboratory model tests. The ultimate load calculated by using
Ovesen and Stromann’s procedure gives higher values of Q,
than those obtained by using Teng’s conventional procedure.
However, with a factor of safety of about 2 the difference
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between the conventional approach and the present findings
should not be too great.

CONCLUSIONS

A number of small-scale laboratory model test results on
square vertical anchors in clay have been presented. The fol-
lowing conclusions, based on the present results, can be drawn:

1. The ultimate pullout resistance of an anchor can be ex-
pressed in the form of a nondimensional breakout factor (F,).

2. The magnitude of the maximum breakout factor (F_c) is
approximately equal to 9 for square anchors.

3. The critical embedment ratio increases with the un-
drained shear strength of clay (Equation 5). However, for stiff
clays the magnitude of (H/B),, is about 7.

4. The variation of the breakout factor with embedment
ratio in clays of various consistencies can be expressed by a
single nondimensional parametric equation (Equation 8).

5. A tentative empirical procedure for estimation of the
ultimate pullout resistance of square vertical anchors has been
suggested.

The major contribution of this study is the development of
Equations S5 and 8, which show the effect of the undrained
shear strength of clay on the critical embedment ratio [(4/B),,]
and the hyperbolic relationship for the normalized parameters
of a = F/F_versus B = (H/B)/(H/B),,. However, the study has
some limitations:

e Only two soils have been tested under remolded
conditions.

o The effect of gravity has not been modeled. Large-scale
field tests are expensive. However, this needs to be done to
verify the proposed relationships.

e For each test, the profile of ¢, has been assumed constant
with depth. In the field this may not be the case; hence, care
needs to be taken in using the proposed laboratory-obtained
relationships in the field.

¢ During the present model tests, a delay time of from Sto 8
min was used after each step load application. This was done to
take into account primary creep. However, the test results do
not account for possible secondary creep at allowable load
levels. In the field a factor of safety of 2 or more will probably
be used. At that loading, secondary creep will be substantially
minimized.
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Structural Behavior of 45-Degree

Underreamed Footings

SHAMIM A. SHEIKH AND MICHAEL W. O’NEILL

In this paper is described an experimental and analytical study
aimed at developing a better understanding of the structural
behavior of 45-degree underreamed footings. Two iInstru-
mented 45-degree footings 7.5 ft (2.29 m) in diameter with
shafts 2.5 ft (0.76 m) in diameter were load tested under
differing geotechnical conditions. One footing was situated in a
very stiff clay, and the other was placed on a stratum of clay
shale. In both tests failure occurred because of either bearing
capacity failure of the footing itself or pullout failure of an
anchor shaft. The footings sustained mean net bearing pres-
sures of 100 psi (clay) and 157 psi (clay shale) without develop-
ing observable structural distress. Finite element analyses pre-
dicted well the measured base pressure distribution and the
load-settlement characteristics of the footings; however, the
maximum predicted tensile stresses in the underream under
the imposed loads exceeded the tensile strength of concrete
beam specimens tested to failure in flexure. Because no tensile
cracking was actually observed in the test footings, a more
realistic tensile strength criterion that relates to the status of
stress in the footing needs to be established.

Ongoing research suggests that shallow foundations are as
reliable as deep foundations for the support of bridge structures
in many situations. One efficient way of constructing a shallow
footing in cohesive soil is to machine-excavate an underream at
a shallow depth and to concrete the excavation without rein-
forcing the bell. This raises the issue of footing capacity being
controlled by structural strength rather than soil bearing capac-
ity. Historically, to avoid premature structural failure, bridge
engineers have either specified conical underreams with angles
of 60 degrees (with the horizontal) or have disallowed unrein-
forced underreamed footings altogether. Unfortunately, the use
of 60-degree underreams often requires more concrete than a
spread footing constructed in the usual manner, and the diame-
ter of the footing that can be excavated with mobile truck-
mounted drilling equipment is quite limited. On the other hand,
it is possible to construct 45-degree conical underreams to a
diameter of 10 ft (3.05 m) or more with truck-mounted equip-
ment and to reduce by one-third the volume of concrete re-
quired in the underream, which makes 45-degree underreamed
footings economically viable alternatives to spread footings. To
realize the benefits of using 45-degree underreams, factors that
affect their structural capacity must be understood.

A recent study (1) has suggested that 45-degree underreamed
footings may be considerably weaker structurally than 60-
degree underreams. On the basis of a series of tests conducted

University of Houston-University Park, Houston, Tex. 77004.

in a laboratory environment on small-scale footings and asso-
ciated analytical work, it was concluded that 45-degree under-
reams can fail at a uniform bearing pressure in the range of 8 to
12 ksf (0.34 to 0.43 MPa), whereas the bearing stress at failure
in 60-degree underreams varied between 16 and 20 ksf (0.77
and 0.96 MPa). Failure initiated in most footings at the base
because of tensile cracks in the concrete. Tand and O’Neill (2)
conducted elastic finite element analyses of a 45-degree under-
reamed footing along with the surrounding soil, with similar
results. The findings of these two studies have resulted in most
designers specifying 60-degree bells for resisting high bearing
stresses.

The purpose of this research was to experimentally and
analytically study the behavior of 45-degree underreams in a
field environment. The experimental part of the study involved
the testing of two full-scale instrumented underreamed foot-
ings. Each footing had a 2.5-ft (0.76-m) nominal shaft diameter
and a 7.5-ft (2.29-m) nominal bell diameter. One footing, tested
in Houston, Texas, at the University of Houston-University
Park Foundation Test Facility, was 7.75 ft (2.36 m) deep and
founded on overconsolidated Beaumont clay, a Pleistocene soil
deposited in a deltaic environment. The bearing stratum for the
second footing, which was 12.5 ft (3.81 m) deep, was Eagle
Ford shale, a Cretaceous clay-shale of marine origin. The site
of this test was the grounds of Southwestern Laboratories, Inc.,
in Dallas, Texas.

In the analytical part of the study a finite element model of
the 45-degree footing and the surrounding soil was developed.
Stress-strain properties of Beaumont clay were used in the
analysis to evaluate the behavior of the soil surrounding the
footing. After a reasonable approximation of the behavior of
the footing-soil system was established from the analytical
work, the same discretization was used to analyze the two
footings without the surrounding soil. A comparison of the
experimental and the analytical results is presented in this
paper for the tests conducted during this study as well as for
tests reported earlier (7).

GEOTECHNICAL CONDITIONS

The soil at the test site for Footing 1 (Houston) is in the
Beaumont clay formation, which was heavily preconsolidated
by desiccation. Extensive soil tests have been conducted at this
site (3). The undrained shear strength profiles for the depth of
primary interest, as obtained from the UU triaxial compression
tests and static cone penetration test (CPT) soundings (4), are
shown in Figure 1. The undrained shear strength profile for the
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FIGURE 1 Undrained shear strength profiles.

CPT was obtained by dividing total cone tip pressures minus
hydrostatic pore water pressures by a factor N, = 19. The CPT
profile suggests the presence of a soil layer of high undrained
shear strength just below Footing 1. However, the high indi-
cated shear strength values are manifestations of the presence
of sand partings and calcareous nodules, which probably have
little influence on the actual bearing capacity of the footing (5).

On the same figure the variation with depth of the undrained
shear strength of the soil at the Dallas site, as obtained from
UU triaxial tests, is also shown. There is a sudden break in the
strength profile at a depth of about 12.5 ft (3.81 m), below
which hard blue clay shale exists. The soil above this depth was
dark brown to gray clay fill. Both types of soil at this site, clay
and shale, possess quite high degrees of preconsolidation. The
unconfined compressive strength of the shale, the bearing stra-
tum for Footing 2, is estimated at more than 100 psi (0.73 MPa)
from the tests conducted on samples from the borings.

DETAILS OF TESTING

Details of the two tcst footings are shown in Figure 2. The
depths of the footings were selected at the depth of the shal-
lowest strong bearing stratum. The dimensions of the under-
reams, shown in Figure 2, were measured from within the
excavations just before concreting. To break the bond between
the concrete and the surrounding soil along the straight shaft
portion of the footing, cardboard tubes with inside diameters of
2.5 ft (0.76 m) were used in both footings. In the case of
Footing 1, there was no gap between the cardboard tube and the
surrounding soil, which caused some side shear development at
low values of applied load along the shaft. In the case of
Footing 2, the borehole was 34 in. (0.86 m) in diameter, which
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FIGURE 2 Details of test footings.

resulied in an air gap of just under 2 in. (51 mm) between the
outside of the tube and the surrounding soil.

Ready-mix concrete with a nominal compressive strength of
3,000 psi (20.7 MPa) at 28 days was used in both footings.
Slight vibration was provided to assure concrete free of hon-
eycombing. Footings 1 and 2 were tested 69 and 63 days after
casting, respectively. The compressive strength of concrete
samples was measured using standard 6- x 12-in. (152- x 305-
mm) cylinders, and modulus of rupture was determined from 6-
X 6- x 20-in. (152- x 152- x 508-mm) beams. At the time of
testing, the actual compressive and tensile strengths of concrete
used in Footing 1 were 3,970 and 538 psi (27.4 and 3.71 MPa),
respectively. Using an 18 percent coefficient of variation be-
tween the laboratory and in situ concrete strengths (6), the most
probable lower limits of in situ compressive strength and mod-
ulus of rupture can be estimated at 3,255 and 441 psi (22.4 and
3.0 MPa), respectively. For Footing 2, the corresponding labo-
ratory and lower limit of in situ compressive and tensile
strength values for the concrete were 4,680 and 696 psi (32.3
and 4.8 MPa) and 3,840 and 570 psi (26.5 and 3.9 MPa),
respectively.

The reinforcement cage in both of the footings consisted of
eight No. 7 deformed steel bars, equally spaced around the
circumference, and No. 3 ties at 6-in. (152-mm) spacing. Be-
cause it was observed during the testing of Footing 1 that some
load transfer to the soil took place along the straight portion of
the shaft, two opposite bars in Footing 2 were instrumented
with eight strain gauges to evaluate the variation of load along
the depth. The strain gauge data confirmed that no load transfer
along the straight portion of Footing 2 took place.

In both footings, an array of nine total pressure cells 9 in.
(229 mm) in diameter was used at the contact between the base
of the footing and the soil, as shown in Figure 2. All nine cells
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in Footing 1 and four cells in Footing 2 were of the pneumatic
type. The other five cells in Footing 2 were of the vibrating-
wire type. All pneumatic cells were calibrated up to a pressure
of 140 psi (0.96 MPa), and the vibrating-wire cells were cali-
brated up to a pressure of 150 psi (1.0 MPa). All of the cells
used exhibited linear behavior, which allowed extrapolation of
the data with some confidence during the footing test for one of
the vibrating-wire cells that recorded a pressure of about 180
psi (1.24 MPa).

To measure the movement of the base, two telltales were
used in each footing. Movements of the base and the top of
each footing were measured using four dial indicators with
least counts of 0.001 in. (0.025 mm). The reference frames
used for these measurements were anchored to the ground at a
distance of about 10 ft (3.05 m) on each side of the center of the
footings.

Two underreamed drilled shaft anchors with shafts 2.5 ft
(0.76 m) in diameter, bells 7.5 ft (2.29 m) in diameter, and
depths of 18 ft (5.49 m) were used for the application of load
on Footing 1. These anchor shafts were installed at a distance
of 9.5 ft (2.9 m) from the center of the test footing. The anchor
shafts for Footing 2, situated 9 ft (2.75 m) from the center of
the test footing, were cylindrical shafts 4 ft (1.22 m) in diame-
ter and 30 ft (9.14 m) deep. The movements of the anchor
shafts were monitored continuously during both tests. The test
setup for Footing 1, showing the reaction beams, is shown in
Figure 3.

FIGURE 3 Overall test setup for Footing 1.

Footing 1 was loaded to 500 kips (2224 kN) in 100-kip (445-
kN) increments, beyond which the loading increment was re-
duced to 50 kips (222 kN). After each 100-kip (445-kN) incre-
ment, load was maintained for 60 min; after each 50-kip (222-
kN) increment, the load was maintained for 30 min. The load-
ing steps for Footing 2 were 100, 300, 500, 650, 750, 850, 950,
and 1,040 kips (445, 1335, 2224, 2892, 3336, 3780, 4226, and
4626 kN). Each load level except the last was maintained for
60 min. Most of the readings were taken at 2, 29, and 59 (if
any) min after the application of a load increment.

RESULTS

It was stated earlier that the use of the cardboard tube in the
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shaft portion of Footing 1 may not have completely broken the
bond between the concrete and the soil. It is also plausible that
load was transferred from the roof of the underream to the
overlying soil through suction. Figure 4 compares two curves,
top load versus base settlement and base load versus base
settlement, for Footing 1 that indicate that initially very little of
the applied load reached the bearing surface. The difference
between the top load and the base load (load transferred above
the base) is also shown in the same figure. The maximum non-
base-bearing load transfer occurred at a settlement of about 0.5
percent of the base diameter, beyond which the shaft bond or
roof suction, or both, broke, and essentially all of the load was
thereafter transferred to the bearing surface.

BASE SETTLEMENT (mm)
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FIGURE 4 Transfer of load in Footing 1.

The base load in Figure 4 was calculated as the summation
of the product of average base pressures and the areas over
which each average pressure acts. Details are available
elsewhere (4, 7). The variations of the contact pressure along
the radius of the base, based on the average of the readings
taken during the time a particular load was maintained, are
shown in Figure 5 for various top-load levels for both footings.
The base pressures are reasonably uniform for both footings,
although the soil characteristics at the two bases were signifi-
cantly different. A tendency of higher stresses close to the
circumferences of the bases is consistent with the elastic con-
tinuum solution. Three-dimensional plots of the distribution of
net base pressures for the two footings at their maximum loads
are shown in Figure 6. The distribution appears reasonably
uniform excep