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Foreword

There are 13 papers in this Record on bridge design and construction, including strengthening,
laboratory and field testing, estimation and economic analysis of replacement costs, and
analytical procedures used for structural performance predictions.

Klaiber et al. summarize the development of a manual containing eight different bridge-
strengthening procedures, which was carried out under National Cooperative Highway Research
Program Project 12-28(4). The manual includes an equivalent uniform annual cost (EUAC)
procedure, which makes possible cost comparisons of different economic lives. In another paper
on strengthening, Eberline et al. present a review of research on and applications of epoxy-
bonded steel plates. Information on the bonding procedure, including surface preparation,
adhesion, selection, and application, is provided.

Vasishth and Itani document a two-part research program consisting of a full-scale test of a
48-ft-long precast concrete girder and a corresponding analytical study. The two studies showed
that blocks can be eliminated from simply supported precast concrete girders of the Washington
Department of Transportation Series 14 and 10 design. Girder standards were revised, with a
cost savings of 7 percent,

To explain an unexpected fracture in the top flange of a steel tie, Hanson et al. present the
results of chemical and physical tests and fractographic and metallographic examinations used
to characterize the quality of the steel and to reconstruct the history of the fracture. The 2%/s-in.-
thick A588 plate in which the fracture occurred did not meet the toughness requirements of the
Towa Department of Transportation.

Anderson describes the field testing of a 100-year-old solid-rib arch bridge consisting of two
258-ft spans, one of which has three hinges and the other, two hinges. The testing demonstrated
that deteriorated 3/s-in. steel batten plates were controlling the load rating and required immedi-
ate replacement. The test findings also helped develop rehabilitation alternatives.

Laboratory testing of 26 stringer-stiffened steel deck grids, as reported by GangaRao et al., is
used to develop design equations. Conclusions include items on reduction of bending stresses
due to composite action, bending moments as affected by main-bar direction compared with
traffic direction, stresses induced by field welding, residual stresses, fatigue life, galvanization,
and riveted connections.

Hill et al. describe the design and construction of a 488-ft six-span prestressed concrete bulb
tee beam bridge with a 2-in. concrete overlay. The construction was completed in 5 months for
$450/square yard, an estimated 25 percent savings.

The computer program SEISAB is used by Chen and Van Lund to examine the effect of high-
strength concrete (HSC) on the response of concrete bridge piers and columns subjected to
seismic forces. Vibration characteristics, displacement, and shears and moments suggest that the
use of HSC on rigid foundation systems can reduce material costs up to 33 percent.

Fanous et al. use the general-purpose finite-element computer program ANSYS to study
curved shell elements with attached deck slabs. Detailed analyses of four different cross sections
indicated that shell-type bridges can be used for short- or medium-span emergency bridges.

Two papers address the structural response of curved prestressed-concrete box girder bridges.
Choudhury and Scordelis use a finite-element numerical analysis method based on thin-walled
beam theory to make a linear-elastic analysis of force distributions in a complex prestressed-
concrete curved box girder bridge. In addition, a nonlinear analysis procedure is used to trace the
response of the same bridge to loads through elastic, inelastic, and ultimate load ranges.
Computer programs used for the analyses are LAPBOX and NAPBOX. In the second paper,
Mari et al. use a filament beam model and a box beam straight element composed of concrete
panels with steel layers to analyze a curved prestressed-concrete box girder bridge constructed
in Spain. On the basis of the analysis results, observations are made concerning nonlinearity of

1%
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the bridge after concrete cracking, redistribution of forces, loading conditions, ultimate load
capacity, effect of transverse prestressing, torsion, and bending.

A mathematical model that incorporates the effects of bridge age on bridge condition is
presented by Jiang et al. Further work is under way to incorporate effects of truck traffic and
climatic condition into the model.

Saito et al. present the results of a study of bridge replacement costs for the Indiana
Department of Highways bridge management system. It was found that superstructure, substruc-
ture, and approach-cost estimates must be made separately to obtain reasonable results. Sub-
structures were grouped into stem piers or pile piers. Approach costs were related to length and
amount of earthwork. Statistical analyses were used to identify variability of costs from average
values.
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Methods of Strengthening Existing

Highway Bridges

F. WAYNE KLAIBER, KENNETH F. DUNKER, TERRY ]J. WIPE, AND

WALLACE W. SANDERS, ]JR.

This paper brlefly reviews the results of NCHRP Project
12-28(4), Methods of Strengthening Existing Highway
Bridges. The initial task in this investigation was a thorough
review of international literature to determine strengthening
procedures currently being used and to investigate innovative
ideas now being consldered. The types of structures that show
the most need for cost-effective strengthening were Identified.
A procedure for determining equivalent uniform annual costs
was developed to assist the engineer in determining whether
to strengthen or replace a given bridge. The culmination of
the study was the development of a strengthening manual for
practicing engineers. The eight sections of that manual, which
contain different strengthening procedures, are briefly sum-
marized in this paper.

About one-half of the approximately 600,000 highway bridges
in the United States were built before 1940. Many of these
bridges have not been adequately maintained and were
designed for lower traffic volumes, smaller vehicles, slower
speeds, and smaller live loads than are common today. In
addition, deterioration caused by environmental factors is a
growing problem. According to FHWA, almost 40 percent of
the nation's bridges are classified as deficient and in need of
rehabilitation or replacement. Many of these bridges are defi-
cient because their load-carrying capacity is inadequate for
today’s traffic. Strengthening can often be used as a cost-
effective alternative to replacement or posting.

The live-load capacity of various types of bridges can be
increased by using different methods such as adding members,
providing continuity, providing composite action, modifying
load paths, and so forth. Some of these methods have been
widely used, but others are new and have not been fully
developed. The nced to compile, evaluate, and improve exist-
ing methods as well as to develop new procedures, equipment,
and materials for increasing or restoring the load-carrying
capacity of existing bridges was the reason for this investiga-
tion. This project is one of a series that was funded by the
National Cooperative Highway Research Program (NCHRP)
to address the serious bridge problems confronting the United
States. The purpose of this paper is to summarize the results of
NCHRP Project 12-28(4), Methods of Strengthening Existing
Highway Bridges.

The objectives of this investigation were to evaluate the
feasibility and cost-effectiveness of current strengthening

Bridge Enginécring Center, Town Engineering Building, Iowa State
University, Ames, Iowa 50011.

methods as applied to various types of bridges and to identify
cost-effective innovative methods. The objectives required
completion of the following tasks:

Task 1: Thoroughly review available literature and contact
appropriate organizations to identify, describe, and categorize
methods for strengthening existing highway bridges. Innova-
tive ideas as well as established methods should be considered.

Task 2: Determine which types of structures show the great-
est need for broad application of cost-effective techniques for
strengthening,

Task 3: Evaluate the cost-effectiveness of each method for
strengthening bridge structures. Identify new materials and
innovative techniques for further study.

Task 4: Prepare a manual for use by practicing engineers
that describes the most effective techniques for strengthening
existing highway bridges.

Task 5: Prepare a final report documenting all research. The
manual prepared in Task 4 should be the main entity of the
final report. The additional findings of the investigation should
simply provide supplementary or background information.

The final report of this investigation [NCHRP 12-28(4)] was
submitted to NCHRP in July 1987; this report has recently
been published by the Transportation Research Board as
NCHRP Report 293 (/). In the following sections the
approach taken to complete Tasks 1 through 4 and a brief
summary of the results will be presented.

TASK 1

As noted earlier, the purpose of Task 1 was to determine what
techniques and procedures are now being used to strengthen
existing bridges.

The research team used three different approaches to obtain
the desired information: literature review, questionnaires, and
personal correspondence.

Highway Research Information Service and the Comput-
erized Engineering Index were searched to obtain articles in
English on bridge strengthening. In an attempt to locate Ger-
man and French articles, volume indexes from 1945 to the
present were reviewed. Over 500 articles on bridge strengthen-
ing and closely related areas were located. Of these articles,
approximately 95 were wrilten in a foreign language. Over
375 of the articles located were included in the bibliography of
the final report (7). In recent years FHWA and NCHRP have
sponsored several studies on bridge repair, rehabilitation, and



retrofitting. Because these procedures also increase the
strength of a given bridge, the final reports of these investiga-
tions (2—12) are excellent references. Note that the references
have been listed in chronological order. Two of these refer-
ences (3, 4) are of specific interest in strengthening work.
Reference 3 is an FHWA investigation into methods of
increasing the load-carrying capacity of bridges whose capaci-
ties are inadequate for current service loads, and Reference 4
presents several techniques for increasing the capacity of
various bridge components. Two questionnaires were
developed to obtain unpublished information on bridge-
strengthening techniques and to identify agencies involved
with bridge strengthening. Questionnaire 1 was developed for
distribution to government bridge engineers, consultants, and
members of various technical committees, and Questionnaire
2 was developed to obtain information from manufacturers of
products related to bridge strengthening. A total of 767 ques-
tionnaires was mailed; the response rate was slightly over 38
percent. The state bridge engineers had the highest response
rate of all the groups surveyed; all but 3 of the 50 state bridge
engineers returned the questionnaire. This high rate of
response can be partially attributed to their interest and experi-
ence with bridge strengthening.

The majority of the respondents had successfully employed
one or more techniques to strengthen a given bridge. The
following list of strengthening techniques was provided on the
questionnaires for reference to assist the respondents:

1. Replace an existing deck with a lighterweight deck.
2. Provide composite action between deck and supporting
members.
3. Increase the transverse stiffness of bridge deck.
4. Replace deficient members.
5. Replace structurally significant portions of deficient
members.
6. Increase the cross section of deficient members.
7. Add supplemental members.
8. Poststress members.
9. Add supplemental spanning mechanisms.
10. Strengthen critical connections.
11. Add supplemental supports to reduce span lengths.
12. Convert a series of simple spans to a continuous span.
13. Other.

Shown in Figure 1 are the responses to one of the questions
on the survey that requested information on strengthening
procedures that had been used; the strengthening method refer-
ence numbers correspond to those on the foregoing list. The
survey results indicate that replacing deficient members and
increasing the cross section of deficient members have been
the two most frequently used strengthening techniques.

To locate foreign published and unpublished bridge-
strengthening information, the research team made personal
contacts with colleagues in foreign countries as well as in the
United States. Over 70 different individuals and agencies were
contacted for such information. Included in this list are the 21
foreign members of the Organisation for Economic Coopera-
tion and Development (OECD) Committee. This group met in
Paris in 1983 and devcloped a report entitled Bridge
Rehabilitation and Strengthening (13). The report reviewed
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V. STRENGTHENING METHOD
2 USED ALONE

STRENGTHENING METHOD

USED IN CONJUNCTION
WITH ONE OR MORE OTHER
STRENGTHENING METHODS

NUMBER OF RESPONSES
on
=)

STRENGTHENING METHOD

FIGURE 1 Number of responses for strengthening
methods 1-13 (see section on Task 1 for description of
strengthening methods).

the needs, policies, and techniques used for bridge rehabilita-
tion and strengthening in the OECD member countries. The
material provided by a large number of the respondents was
quite valuable and has been included in various sections of the
final report.

TASK 2

Task 2 involved determining the types of structures that show
the most need for cost-effective strengthening. The research
team used data from the previously described questionnaires,
data in the National Bridge Inventory (NBI), and a limited
number of site inspections to address this task. Preliminary
findings from this task have been published elsewhere; thus
only limited information on this task will be presented in this
paper. The most direct approach to determine the types of
bridges in need of strengthening is to examine the improve-
ments recommended by bridge inspectors in the NBI. For the
15 common bridge types, inspectors recommended some type
of improvement in more than 40 percent of the bridges. As can
be seen in Figure 2, the overwhelming choice of improvement,
accounting for two-thirds of the recommendations, was
replacement due to condition. The inspectors’ recommenda-
tions, if followed and extrapolated to all bridges, would
require that one-third of the nation’s bridges be replaced in the
near future. Also shown in Figure 2 is that only approximately
1 percent of the recommendations were to strengthen bridges.
There are several probable reasons for the few recommenda-
tions for strengthening; for example, inspectors did not recog-
nize strengthening as a means of prolonging bridge life,
inspectors in some states did not have strengthening as an
option, and limitations in the NBI coding system.

For those bridges for which strengthening was recom-
mended, the responses ranked by number and bridge type are
shown in Figure 3. The recommendations for strengthening
steel stringer bridges account for more than one-half of the
recommendations. The next four bridge types in the ranking
are steel-through-truss, steel-girder floor-beam, timber
stringer, and concrete slab. Although there is some variation in
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FIGURE 2 Bridge improvements recommended by
Inspector (NBI).
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FIGURE 3 Strengthening recommended by inspector,
ranked by bridge type (NBI).

which bridges show the greatest need for strengthening, data
from the questionnaires and site visits essentially agree with
the NBI data. To develop some concept of the urgency of the
strengthening needs, the number of anticipated bridge retire-
ments was examined for each of the common bridge types. A
representative sample of the type of curve showing anticipated
bridge retirements is given in Figure 4 for steel-stringer
bridges. The dashed line represents the number of bridges
constructed in each 5-year period. Steel-stringer bridges con-
structed in 1900 and all previous years are represented by the
first point on the dashed line. The average life, 57 years in this
case, was computed from NBI data for each bridge type by
adding the age computed from the year built and the estimated
remaining life. The solid line in Figure 4, which represents
anticipated bridge retirements, was obtained by extending the
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FIGURE 4 Number of steel-stringer bridges constructed
and anticipated retirements by S-year periods (NBI).

construction date into the future by the average life. Although
the average life may contain some inaccuracies, it is the best
statistic available in the NBI for predicting bridge life.

Figure 4 [and the figures for other types of bridges presented
in the final report (I)] indicate which types of bridges have
large numbers of anticipated retirements in the near future;
these bridges show a definite need for effective strengthening
methods.

TASK 3

Task 3 consisted of two separate parts: the development of a
procedure for determining the cost-effectiveness of strength-
ening methods for various bridges and the identification of
new materials and innovative strengthening techniques.

The bridge engineer has three alternatives when faced with
a bridge having a deficient load rating: (a) replace the existing
bridge, (b) strengthen the existing bridge (which includes
selecting the “best” strengthening method from those avail-
able), or (c) leave the existing bridge in its present state. To
assist the engineer in making this decision, an equivalent
uniform annual cost (EUAC) procedure was developed that
makes possible cost comparisons between alternatives of dif-
ferent economic lives. A related paper, Cost-Effectiveness
Analysis for Strengthening Existing Bridges (14), provides
additional background and detail on the economic model.

Listed below are various factors that are considered in the
=conomic analysis models:

Replacement structure first cost: The initial replacement
cost has the greatest effect on the EUAC for the replacement
model.

Structure service life: Information obtained indicated that a
minimum service life of 50 years is commonly assigned to
new structures in a lifecycle cost analysis.

Interest rate: Although difficult to predict over a long time
period, interest rate significantly affects the EUAC. In general,
a higher interest rate favors future expenditures (i.e., strength-
ening), whereas a lower interest rate favors the immediate
expenditure of capital (i.e., replacement).

Bridge maintenance costs: This factor is probably the most
difficult life-cycle cost to predict. However, improvements in



bridge maintenance accounting procedures should soon
provide data to make more accurate forecasts possible.

Level-of-service factor: This factor is a measure of the cost
difference in the level of service provided to the road user
between a new and an existing bridge. Level-of-service factors
as presented in this model are principally functions of bridge
geometry.

Maintenance of essential traffic flow: This construction
aspect is very situation dependent and is difficult to quantify
accurately.

In the search for new material that might have application in
bridge strengthening, essentially no new materials were identi-
fied that would be suitable for use in bridge strengthening.
Composite materials—that is, materials consisting of two or
more distinct parts—were the only ‘“new materials” identified.
Composite materials are new to the construction industry;
however, they have been used in the aircraft industry for over
20 years. Although composite materials are sensitive to the
environment, their main disadvantage in bridge work is the
cost. The procedure of bonding steel plates to steel and to
concrete is somewhat related to the topic of new materials.
Some work on bonding steel to steel has been done in the
United States; however, no work has been done in the area of
bonding steel plates to concrete. Other countries, such as the
United Kingdom and Japan, have been bonding steel plates to
concrete for strengthening for over 20 years. Although a litera-
ture review of bonding steel plates to concrete has been
included in an appendix to the final report, this procedure has
not been included in the strengthening manual.

TASK 4

For the information accumulated in Task 1 to be useful to the
practicing engineer, it must be organized and presented in a
manual format that is readily accessible and easy to use. The
development of such a manual was the objective of Task 4.
The strengthening manual obviously could be organized by
bridge type or by strengthening method. After a conference
with the project panel, it was decided to organize the strength-
ening manual by strengthening method. Although the pro-
cedures have becn placed in sections according to the method
or procedure, for the convenience of the user, a table is
provided that is arranged according to bridge type. In the table,
the user is referred to a section or sections in which strengthen-
ing information for a particular bridge may be found.
Obviously, a single strengthening procedure is applicable to
more than one type of bridge or stringer.

Strengthening procedures included in the manual are pro-
cedures that have been successfully used in the field or have
been sufficiently tested in the laboratory so that they can be
employed in the field with minimal difficulty. Each strengthen-
ing procedure in the manual includes a description of its use, a
description of its limitations, and basic cost information. For
most procedures, decision aids are provided to assist users in
determining the adequacy of the strengthening procedure for
particular situations. For several of the procedures, design aids
are also given to assist the users. References are provided for
each strengthening procedure, describing where the technique
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has been employed and where additional information may be
obtained.

Every effort has been made to present the different strength-
ening techniques in clear, practical formats to facilitate their
use. However, because of the wide range of variables involved
(e.g., span lengths, amount of overstress, and type of loading),
most of the strengthening systems presented are conceptual,
and the designs and dimensions, where given, are for illustra-
tion only.

Described in the following paragraphs are the eight sections
of Chapter 3 of the final report in which the various strength-
ening techniques and procedures are categorized. A brief
description of the material in each section is presented.

Lightweight Deck Replacement

One of the more fundamental approaches to increase the live-
load capacity of a bridge is to reduce the dead load. Significant
reductions in dead load can be obtained by removing an
existing concrete deck and replacing it with a lighterweight
deck. Lightweight deck replacement is a feasible strengthen-
ing technique for bridges with structurally inadequate but
sound steel stringers. Several types of lightweight decks,
including steel grid, Exodermic, laminated timber, lightweight
concrete, and aluminum and steel orthotropic plate, are avail-
able. Decision aids are included to indicate the relative
increase in live-load capacity for each type of lightweight
deck.

Providing Composite Action Between Bridge
Deck and Stringer

Modification of an existing stringer and deck system to a
composite system is a common method of increasing the
flexural strength of a bridge. The composite action of the
stringer and deck reduces not only the live-load stresses but
also deflections as a result of the increase in the moment of
inertia. Composite action can effectively be developed
between steel stringers and various deck materials, such as
normal-weight reinforced concrete (precast or cast-in-place),
lightweight reinforced concrete (precast or cast-in-place), lam-
inated timber, and concrete-filled steel grids. In general, com-
posite action is slightly more beneficial in short spans than in
long spans, and the larger the stringer spacing, the larger the
stress reduction when composite action is added.

Increasing Transverse Stiffness of a Bridge

Increasing transverse stiffness is applicable only as a second-
ary method for strengthening a bridge. Transverse stiffening
can increase the rating of a bridge but does not increase the
overall longitudinal moment strength. Increasing the trans-
verse stiffness of a steel-stringer bridge can reduce live-load
stresses in stringers by as much as 15 percent. Maximum
reductions occur for interior stringers in wider and longer span
bridges.

Improving the Strength of Various Bridge Members

One of the most common procedures used to strengthen exist-
ing steel stringer bridges is the addition of steel cover plates to
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existing members. The additional steel is normally attached to
the flanges of existing sections, thus increasing the section
modulus and thereby increasing the flexural capacity of the
member.

A common method of strengthening compression members
in steel-truss bridges is to add steel cover plates to the existing
members. The steel cover plates will increase the cross-sec-
tional area of the members and, if properly applied, will also
reduce the slendemess ratio of the compression member.

The shear strength of reinforced concrete beams or pre-
stressed concrete beams can be improved by adding external
steel straps, plates, or stirrups. For more efficient use of the
material added, the new material should be posttensioned so
that it carries both dead and live loads.

Improving the strength of timber or concrete piles and pier
columns can be achieved by encasing the column in a concrete
or steel jacket. Jacketing, which may be applied to the full
length of the column or only to severely deteriorated sections,
increases the cross-sectional area of the column and reduces
the column’s slenderness ratio.

Adding or Replacing Members

Reinforced concrete, prestressed concrete, steel, and timber
stringer bridges can be strengthened by the addition or replace-
ment of one or more stringers. Adding stringers not only
increases the deck capacity, but also reduces the magnitude of
the loads distributed to the existing stringers.

Adding supplementary members to truss frames is most
commonly applied to Warren and Pratt trusses. The supple-
mentary members are normally most effective in reducing the
unbraced length of the top chord member, which can increase
the load capacity of the top chord by as much as 15 to 20
percent.

Posttensioning Various Bridge Components

Since the 19th century, timber structures have been strength-
ened by means of king post and queen post tendon arrange-
ments. These arrangements are still in use today; however,
since the 1950s, posttensioning has been applied as a strength-
ening method in many more configurations to almost all com-
mon bridge types. A review of the engineering literature
revealed that approximately one-half of the reported uses of
posttensioning for bridge strengthening are for the current
decade. Posttensioning can be applied to an existing bridge to
meet a variety of objectives: relieve tension overstresses with
respect to service load and fatigue-allowable stresses, reduce
or reverse undesirable displacements, add ultimate strength to
an existing bridge, and change basic behavior of a bridge from
a series of simple spans to continuous spans.

Strengthening Critical Connections

The types of connections addressed in the manual include
cover and splice-plate connections as well as truss connec-
tions. Although several methods of strengthening the various
types of connections are presented in this section, only two
will be briefly described here. One of the more common joint-
strengthening techniques is to replace loose or broken rivets

with new high-strength bolts. These bolts increase the shear
capacity and have been shown to increase the fatigue life of
the connected material by reducing fatigue cracking. The use
of high-strength bolts at the ends of welded cover plates has
also been shown to significantly reduce or eliminate the
fatigue cracking often associated with the ends of cover plates.

Developing Additional Bridge Continuity

There are two basic methods of adding continuity to a given
bridge. Supplemental supports can be added to reduce the span
length and thereby reduce the maximum positive moment in a
given bridge. By changing a single-span bridge to a contin-
uous, multiple-span bridge, stresses in the bridge can be
altered dramatically, thereby improving the bridge’s maximum
live-load capacity. Even though this method may be expen-
sive, it may be desirable in certain situations. Several adjacent
simple spans may be converted into a continuous span by
connecting the simple spans together with moment and shear-
type connections. The desired decrease, however, is accom-
panied by the development of negative moment over the
interior supports.

SUMMARY

The results of a study on the various methods of strengthening
highway bridges have been presented. The literature review
resulted in a bibliography of more than 375 references. Types
of structures that show the greatest need for cost-effective
strengthening techniques were identified; these are steel
stringer bridges, timber stringer bridges, steel-through-truss
bridges, and steel-girder floor-beam bridges. An economic
analysis for determining the cost-effectiveness of the various
strengthening procedures, developed as part of the investiga-
tion, is briefly described. The major effort of the study was the
development of a strengthening manual for use by practicing
engineers. The organization of the strengthening manual and a
brief description of the information included have been pre-
sented. In the opinion of the authors, the final report of the
project in question (1) is an excellent reference for engineers
faced with the problem of strengthening a deficient bridge.
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Bridge Strengthening with Epoxy-

Bonded Steel Plates

DonitA K. EBERLINE, F. WAYNE KLAIBER, AND KENNETH DUNKER

Epoxy-bonded steel plates have been used to strengthen or
repair concrete bridges in many countries around the world.
Because most of the information pertaining to this subject has
been published outside the United States, an extensive litera-
ture review was undertaken; this paper summarizes some of
the research and applications related to this strengthening
technique. Information relevant to the bonding procedure Is
provided, including methods for preparing the bonding sur-
faces and guidelines for adhesive selection and application.
Research results pertaining to variations in the plate geome-
try, the effects of cyclic loading, and steel-to-steel bonding are
also presented. Numerous applications of this strengthening
technique are described. Although no original research results
are presented, an extensive bibliography and a formatted
table indicating the toplics addressed are included for conve-
nient reference.

Epoxy-bonded steel plates have been used to strengthen or
repair bridges and buildings in many countries around the
world, including South Africa, Switzerland, France, USSR,
Japan, United Kingdom, Australia, Belgium, and Poland. Be-
cause this strengthening technique has not been widely re-
searched or implemented in the United States, this paper was
prepared to introduce the concept of strengthening with ep-
oxy-bonded plates and to summarize some of the related
research. In addition, a description of some applications of this
procedure primarily related to bridge strengthening will be
presented.

The principle of this strengthening technique is rather sim-
ple: an epoxy adhesive is used to bond steel plates to over-
stressed regions of reinforced-concrete members. The steel
plates are typically located in the tension zone of a beam;
however, plates located in the compression and shear zones
have also been utilized. The adhesive provides a shear connec-
tion between the reinforced-concrete beam and the steel plate,
resulting in a composite structural member. The addition of
plates in the tension zone not only increases the area of tension
steel, but also lowers the neutral axis, resulting in a reduction
of live-load stresses in the existing reinforcement. The tension
plates effectively increase the flexural stiffness, thereby reduc-
ing cracking and deflection of the member.

Epoxy-bonded steel plates have been used to repair bridges
that have been damaged by accident, fire, or explosion. The
technique has also been used to strengthen bridges with insuf-
ficient load-carrying capacity because of increased load re-
quirements or a design or construction error. When applied to

Bridge Engineering Center, Department of Civil and Construction
Engineering, Iowa State University, Ames, Iowa 50011.

bridges, this strengthening technique has several advantages.
The plates can be easily handled and placed, thus allowing the
procedure to be carried out relatively quickly, with minimal
disruption to traffic. Also, because the plates are thin, there is
almost no loss of overhead clearance. This strengthening tech-
nique is not recommended, however, for application to bridges
with unsound concrete or to bridges where corrosion has been
a problem unless the source of the problem is corrected.

ASSEMBLY METHODS

Critical to the success of this strengthening technique are the
selection and application of an appropriate adhesive and the
preparation of the bonding surfaces (). The steel plates must
be free from oil, grease, rust, mill scale, and dirt. Oil and
grease should be removed with a chemical cleaning agent. Grit
blasting is the preferred method of removing dirt, scale, and
rust. In research reported by Cusens and Smith (2), it was
found that the shear strength of the joint improved with in-
creased roughness of the bonding surfaces. Cleaning of the
steel plates must be done shortly before bonding to avoid the
development of surface corrosion or recontamination.

Preparation of the concrete surface requires the removal of
all loose and unsound material. For a new concrete member,
the surface laitance must be removed to expose the aggregate.
Sand-blasting or grinding or both are generally used to prepare
the concrete surfaces in this manner, followed by a thorough
cleaning to remove all dust and debris.

There are several things to consider when an adhesive is
selected for this type of application. Practical considerations to
simplify the placement of the plates include the following: the
temperature requirements for mixing, applying, and curing of
the adhesive should be consistent with those that will exist in
the field; the adhesive should also have a viscosity and pot life
suitable for the particular application; and the adhesive, in
most applications, should develop its strength rapidly. Long-
term performance characteristics that need to be considered
include the following: the shear strength of the resin should
equal or exceed that of the concrete, and the adhesive should
demonstrate good durability and tolerance to moisture and
chemicals (1, 3).

Epoxy resin adhesives typically consist of two components:
a resin and a hardener. Care must be taken when mixing the
two components to ensure that the components are mixed
completely and in the proper proportions. The adhesive is
generally applied to both the concrete and steel bonding sur-
faces. The steel plate is then put in contact with the concrete
surface and pressure is applied until the adhesive cures. An
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alternative method involves the pressure injection of the epoxy
resin between the concrete and steel surfaces. For this method,
the steel plates are fastened to the concrete with bolts, using
shims and spacers to maintain the desired gap between the two
surfaces. After the edges of the plates have been sealed, the
adhesive is pressure injected (4).

There is general agreement among the researchers that the
adhesive layer should be as thin as possible while still remain-
ing free of voids. Adhesive thicknesses ranging from 1 to 1.5
mm (0.04 to 0.06 in.) are suggested (5).

RESEARCH

The steel plates should be designed so that the full flexural
strength of the composite member can be achieved, thus en-
suring ductility. Macdonald (6) reported that rapid shear
failure of the concrete can be prevented with proper sizing of
the bonded plates. In this study, steel plates of different widths
and thicknesses but of constant cross-sectional area were ep-
oxy-bonded to concrete beams and subjected to four-point
bending tests. It was found that beams with thick, narrow
plates exhibited sudden, horizontal shear failures. Thin, wide
plates, on the other hand, remained bonded to the beams at the
maximum sustained load, resulting in ductile failures. Mac-
donald suggested that an optimum width/thickness (b/f) ratio
exists at which the maximum increase in failure load and a
significant increase in stiffness can be obtained while still
maintaining a ductile failure. Macdonald estimated this op-
timum ratio to be 60.

Further research pertaining to the effects of plate geometry
was reported by Swamy et al. (7). They conducted tests on a
series of beams with bonded plates of constant width but
varying thicknesses. Single plates with thicknesses of 1.5, 3.0,
and 6 mm (0.06, 0.12, and 0.24 in.) were bonded to 155- x
255-mm (6.1- x 10.0-in.) reinforced concrete beams. In addi-
tion, beams with two layers of 1.5-mm-thick bonded plates
were tested and compared with beams with a single 3-mm
plate. All of the beams with plates 1.5 mm thick (b/t = 83.3)
failed in flexure with no bond distress. Beams with single
plates 3.0 mm thick and two layers of plates 1.5 mm thick all
exhibited a shear-bond failure; however, the shear-bond
failures occurred at loads that approached the theoretical flex-
ural strength of the beams. All of the beams with plates 6 mm
thick failed by shearing of the concrete at the level of the
reinforcing bars. On the basis of these results, Swamy et al,
suggested two tentative design criteria: first, the b/t ratio
should be no less than 50; in addition, the neutral axis depth
should not be greater than 0.4 times the effective depth.

One advantage of this strengthening technique, when ap-
plied to bridges, is that the work can be accomplished with
little or no interruption of traffic. The effects of cyclic loading
during curing of the adhesive were examined by Swamy and
Jones (8) and by Macdonald (9). Swamy and Jones found that
the cyclic loading had no effect on the ultimate strength of the
beams. Two different adhesives were used in the study con-
ducted by Macdonald. The test beams with one adhesive
displayed a 7 to 31 percent reduction in shear strength due to
cyclic loading. No reduction in strength was recorded for the
test beams with the other adhesive.
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Although most of the literature pertaining to epoxy-bonded
plates involves bonding steel plates to concrete bcams, some
research has also been reported (especially in the United
States) related to bonding steel plates to steel beams. Re-
searchers at Case Western Reserve University (10) examined
the fatigue life of cover plates epoxy-bonded to the tension
flanges of steel wide-flange beams. In a similar application,
researchers at the University of Maryland (11, 12) combined
end-bolting with the adhesive bonding of steel plates to steel
beams. Both studies concluded that the use of adhesives im-
proved the fatigue life of cover plates. The adhesive helps to
distribute and transfer the load over a larger area, thus reduc-
ing stress concentrations. Findings in the study conducted by
Albrecht et al. (12) indicate that adhesive bonding increased
the fatigue life of cover plates by a factor of 20 over that of
conventionally welded cover plates. Though Albrecht et al.
advised that the method of adhesive bonding needs further
research, they concluded that adhesive bonding, combined
with end-bolting, has the potential of making cover plates on
steel bridge girders fatigueproof.

A major problem associated with bridge strengthening using
epoxy-bonded plates is the long-term durability of the connec-
tion. Ongoing exposure tests are being conducted by Calder
(13). Unreinforced-concrete beams with epoxy-bonded plates
were exposed to three climates, each characterized by varying
levels of annual rainfall, mean temperature, and atmospheric
chloride and sulfur content. Calder found that the failure load
for the beams decreased rapidly during the first 8 months of
exposure to approximately 60 to 80 percent of the original
load. The failure loads recorded after 1 and 2 years of ex-
posure were only slightly different from the 8-month failure
loads. A significant amount of corrosion was noted at the
steel—epoxy interface. The reduction in overall strength was
attributed to the corrosion.

Hoigard and Longinow (I4) investigated the durability of
steel-to-steel bonded joints. The bonded joints were subjected
to a simulated rain environment and tested after 100 and 696
bhr of submersion. The author estimated that for a midwestern
climate this represented 88 and 609 days of normal weather-
ing. The specimens displayed a 9 and 12 percent loss in
strength after 100 and 696 hr of submersion.

Numerous parameters related to epoxy-bonded plates have
been examined by researchers. Some of these parameters are
summarized in Table 1. The references, organized in chrono-
logical order, indicate the areas investigated by each of the
researchers (15-31).

APPLICATIONS

One of the first documented applications of strengthening with
epoxy-bonded plates was in 1964 in Durban, South Africa,
when the reinforcing steel required in a concrete beam located
in a new apartment complex was accidentally omitted during
construction.

In the early to mid-1970s, several buildings in Switzerland
were strengthened by means of epoxy-bonded steel plates
(32, 33). Reinforced-concrete floor slabs and supporting rein-
forced-concrete beams in a building located in Zurich were
strengthened to carry additional live load. Plates were bonded
to the undersides of the floor slabs and to the soffits of
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the beams. Shear-reinforcing plates were also bonded to the
sides of the beams.

The strengthening of a reinforced-concrete tee-beam bridge
in France was reported in 1972 (34). The skewed highway
bridge, constructed in 1960, had developed a permanent de-
flection of 8 cm (3.15 in.) near the midspan of the most heavily
loaded beam. The probable cause of the excessive deflection
was fatigue. To strengthen the bridge, steel plates were bonded
to both the sides and bottoms of the beams. At joints between
adjacent plates, lap plates were bonded to provide continuous
reinforcing. Up to four layers of flexural cover plates were
bonded to the bottom surface of the beams.

In 1974, a highway bridge that crosses the Saint-Denis
Canal in France was repaired with epoxy-bonded steel plates
(35). Reinforcing plates were added to the reinforced-concrete
tee-beam bridge for both flexure and shear. Traffic was main-
tained during preparation of the beams; however, the bridge
was closed to traffic during bonding.

In the Russian city of Karastan, a continuous-span, rein-
forced-concrete bridge, which was constructed in 1912, was
repaired with bonded plates (36). This work was completed
before 1974. As a result of poor drainage, up to 25

percent of the reinforcing steel had corroded away. In negative
moment regions, steel plates were bonded to the cleaned deck
surface. Bolts were welded to exposed reinforcing steel in
positive moment regions, and plates were then bolted and
bonded to the underside of the beams. The bridge was kept
open to traffic, one lane at a time, during strengthening.

By 1975, over 200 bridges on an elevated motorway in
Japan had been strengthened with bonded steel plates. Thin
steel plates were attached to the bottom surface of slabs by
using a resin adhesive and anchor bolts (37). This strengthen-
ing technique was used on cracked slabs, slabs that displayed
excessive spalling or scaling, slabs with insufficient thickness,
and slabs with insufficient reinforcement. Both assembly tech-
niques previously described (applying the adhesive directly to
the bonding surfaces before setting or pressure injecting the
adhesive after setting the plate) were utilized.

Also in 1975, a group of four reinforced-concrete slab
bridges near Quinton, England, were strengthened with epoxy-
bonded plates after cracks in the soffits were discovered
(38—0). Investigations showed that inadequate tension steel
had originally been provided in the cracked regions. A total of
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1,376 plates, mostly 254 mm (10.0 in.) wide by 6.4 mm (0.26
in.) thick with lengths up to 3.6 m (11.8 ft), were bonded to the
underside of the four bridges. In some locations, the effective
thickness of the steel was increased by bonding two or three
plates together. The bridges were open to normal traffic while
the plates were attached and the epoxy was cured. Two addi-
tional bridges located in the United Kingdom, near Swanley,
Kent, were strengthened in a similar manner in 1977. Shortly
after the bridges were opened to traffic, cracks were dis-
covered in the soffit of the beams. After it was determined that
the continuous deck slabs were deficient in longitudinal steel,
steel plates were epoxy bonded to the top surface as well as to
the underside of the slabs.

In 1978, steel plates were epoxy bonded to the top of the
concrete piers of the Shelley Bridge in Perth, Australia (41).
About the time that the bridge was to be opened to traffic,
shear cracks were discovered in the cantilevered portions of
the piers. Plates 200 mm (7.9 in.) wide and 6 mm (0.24 in.)
thick were adhesively bonded and bolted in three layers on top
of each pier. Work was carried out in the winter, requiring the
top of the piers to be heated to maintain a minimum tempera-
ture of 15°C (59°F) while the epoxy cured.

Two bridges over the Netekanaal in Belgium were rehabili-
tated in the late 1970s (24). The bridges were two of four
nearly identical three-span, continuous, prestressed concrete
bridges built in 1955. The rehabilitation program for the
bridges included external posttensioning and epoxy-bonded
steel plates. The steel plates were bonded to the undersides of
the concrete stringers in the positive moment region of the
center span. Additional steel plates were bonded around the
webs and lower flanges of the stringers near the posttensioning
anchorage beams in the end spans.

The application of adhesively bonded plates has been found
to be one of the most economical and practical methods of
strengthening bridges in Poland (42). Adhesively bonded
plates have been used to strengthen several reinforced-con-
crete and prestressed-concrete bridges. In one example, flat
steel strips were bonded to the upper surface of the slab bridge
in the negative moment areas. Other repair work has included
the bonding of flat strips to the lower surface of the concrete
bridge deck, in which the strips were fastened at the ends with
bolts or bonded and anchored with bolts to the side surfaces of
concrete slabs.

SUMMARY

Epoxy-bonded steel plates can effectively be used to increase
the live-load capacity of a concrete bridge. By adding tension
reinforcement, the neutral axis of a member is lowered and the
stresses in the existing reinforcement are reduced. The
strengthened member acquires increased flexural stiffness, re-
sulting in a reduction in cracking and deflection. The pro-
cedure requires careful preparation of the bonding surfaces
and proper mixing and application of a suitable epoxy adhe-
sive. The steel plates should be designed so that failure, if it
occurs, is a ductile failure instead of a sudden, shear-bond
failure. To meet this requirement, researchers suggest that the
b/t ratio of the plate be no less than 50.

Although this strengthening technique has primarily been
applied to concrete members, research related to bonding steel
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plates to steel members has also been undertaken. The fatigue
life of bonded steel cover plates increased by a factor of 20
over that of conventionally welded cover plates.

An area needing more research is the long-term durability of
the bonded connection. Significant corrosion and loss in
strength have been noted in both steel-to-concrete and steel-to-
steel bonded connections after they were subjected to ex-
posure tests. Until this problem is resolved, this strengthening
procedure is not recommended as a permanent solution.
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Analytical Investigation for Shell Structures
Utilized as Emergency Bypass Bridges

E. FANous, D. ANDREY, AND E. W. KLAIBER

Bridges are one of the most important elements of any coun-
try’s surface transportation system. Closing a bridge always
causes inconvenience to the public. Thus, a critical need exists
for a “bypass” bridge that can be assembled quickly, econom-
lcally, and easily at the original site or close to the bridge that
is being repalired or replaced. Analytical studies indicated that
integrated shell-deck segments can be used to construct short
or medium-span emergency bridges. A simply supported
bridge with four different shell cross sections was investi-
gated; dead load and various patterns of live loads were
considered. The analysis of these shells was performed using
the ANSYS general purpose finite-element program. The
results of this investigation demonstrated that shell structures
can be utilized for emergency bridges.

Bridges are one of the vital segments of any country’s surface
transportation system. According to the latest FHWA figures,
there are approximately 575,000 bridges on all highway sys-
tems in the United States. In a recent article by Galambos (7),
it was noted that approximately 25 percent of these bridges are
structurally deficient and 21 percent of those are functionally
obsolete. Data in this article indicated that more than twice as
many bridges in the non-federal-aid road system are rated
deficient as compared with bridges in the federal-aid system.

In addition, several bridge failure accidents have been
reported each year: during the first quarter of 1987, one bridge
collapsed in the state of Pennsylvania, one bridge collapsed in
the state of California, three bridges failed in the state of
Missouri, and, more recently, two bridge failures occurred in
the state of New York. These frequent incidents and the large
number of deficient bridges obviously are of concemn to the
public. Even though several billions of dollars have been spent
since 1982 on strengthening, repairing, or replacing some of
the nation’s deficient bridges, the United States still has major
bridge problems.

Closing a bridge for maintenance or emergency repairs
always causes costly delays and inconvenience to the traveling
public. This is especially true of bridges subjected to high
volumes of traffic or isolated bridges where the next available
bridge is several miles away. Thus, to help alleviate or, in
some instances, completely eliminate these problems, the need
exists for “bypass” bridges that can be quickly, economically,

Bridge Engineering Center, Town Engincering Building, Iowa State
University, Ames, lowa 50011.

and easily constructed at the original sites or close to existing
bridges that are being repaired or replaced.

Prefabricated elements and systems offer a unique solution
for replacing or widening deficient bridges at a low cost. Many
such elements and systems are now available. Precast, pre-
stressed concrete units, such as prestressed beams and slabs,
have been used for short-span bridges that require no inter-
mediate supports. When longer spans are needed, these units
require one or more intermediate supports; however, the con-
struction of intermediate supports is costly and cannot be
accomplished in a short period of time.

Although the previous comments obviously pertain to high-
way bridges, similar problems exist in the railroad industry. In
some instances, the problem is even more critical in the rail-
road industry because of the limited number of railway lines
and, thus, the limited number of possible reroutings if a bridge
needs to be repaired or replaced. Thus, a critical need exists for
a structural system that can be used for longer spans without
intermediate supports or even for longer spans if intermediate
supports are provided. The authors summarize some of the
results of a research project; the primary objective of their
study was to investigate using shell structures as emergency
bypass bridges.

SHELL STRUCTURES FOR BRIDGES:
A NEW CONCEPT

The shell structural system does not require intermediate sup-
ports and can be utilized for short or long spans (2—). Shell
structures for roof systems are classified as either short or long
shells (see Figure 1a and b). The short shells offer the econ-
omy of arch action when a long but narrow area is to be
covered. The long shell, that is, one in which the length of the
shell is large compared with its width, structurally behaves
like a beam. Circular or elliptical cross-sectional shapes are
common for short or long shells. In contrast to straight struc-
tural elements (beam-and-slab systems), relatively thin shells
can be used for long spans. Because of the strength and the
relatively light weight of the shell elements, they are able to
support relatively large live loads. The following comparison
of structural systems verifies the previous statements. In the
structural system shown in Figure 1c, the loads are essentially
carried transversely by the slab and longitudinally by the
beam. If the slab thickness is decreased to reduce the dead load
of the system, transverse beams will be required. An alterna-
tive that improves the behavior and reduces the weight of
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FIGURE 1 Roof systems.

the system shown in Figure 1c is to reduce moments in a
transverse direction by using arch action. In the longitudinal
direction, the behavior of the beam-and-slab and shell systems
is also significantly different. In Figure 1lc, the longitudinal
beams that are composite with the slab carry the entire load.
On the other hand, the entire shell system shown in Figure 1a
acts as a beam with curved cross sections to carry the load.

As a result of the behavior of curved surface structures,
short- or long-span bridges can be built using a shell-shaped
cross section. Precast shell elements with an attached deck
(Figure 2) could be transported to the bridge site and used to
construct a bypass bridge. These units can be cast over a single
form, an air-supporting system, or even on form work sculp-
tured in the soil. Air-supporting systems, also known as air-
bag forms, are currently being used with ease and rapidity in
building. inexpensive small bridges and culverts (5). This type
of form needs no surface preparation or intermediate shoring
and can be modified and reused to build structures of different
sizes and shapes. Depending on the desired bridge span, the
proposed shell-deck segments can be posttensioned together to
the desired length by using external or internal tendons, or
both. If rapid construction is desired, precast abutments can be
positioned to support the shell bridge.

CURB

CYLINDRICAL
OR ELLIPTICAL =
SHELL

FIGURE 2 Shell structure for emergency bypass
bridges.
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The shell elements can also be used to construct permanent
bridges. Techniques used to build precast segmental box-
girder bridges can be employed to build shell-deck segmental
bridges. Thus, the shell elements previously described can
have dual use—in temporary “bypass” bridges, which can be
disassembled and retained for future use, or in permanent
bridges.

ANALYTICAL INVESTIGATION

Fifteen different cross sections that can be used in emergency
bypass bridges were initially investigated. From these, four
were selected for additional study. The finite-element method
was used to perform the structural analysis of these sections.

Geometry of Selected Cross Sections

The four sections selected as promising candidates for emer-
gency bypass bridges are shown in Figure 3. The cross sec-
tions shown in Figure 3a and b consist of a deck slab attached
to a cylindrical shell. These cross sections can be cast in
horizontal or vertical positions. In most instances, casting
these sections in a vertical position can be accomplished in
one pour; however, casting these sections in a horizontal
position requires at least two pours.

In the first pour, the shell portion will be cast after the
appropriate shell reinforcement and the reinforcement required
to ensure continuity between the shell and the deck have been
placed. During the curing of the shell portion, the form work
and reinforcement required in the deck slab can be positioned.
By reinforcing the deck slab to act compositely with the shell,
the cross sections shown in Figure 3a or b are obtained. In
these two cross sections, because the deck is only supported by
the shell at its crown, large bending stresses are induced at this
connection.

Appropriate voids can be used (Figure 3b) to remove struc-
turally insignificant material and thus to reduce the structure’s
dead weight. In Figure 3c, two thin webs are used to connect
the deck to the shell. These webs reduce both longitudinal and
transverse stresses in the shell-deck section despite the fact
that they increase the dead weight of the structure.

The cross section shown in Figure 3d is 2 modified version
of the one in Figure 3c. In Figure 3d, longitudinal beams are
used along the edges of the shell and the deck. The beams
along the shell and deck are connected by using either vertical
posts or inclined members. These members could be either
cast in place or precast and added before the element is
transported to the field. The beams along the edges of the deck
function to reduce the transverse bending stresses in the deck
and to serve as curbs. Posttension tendons required to assem-
ble the shell-deck segments can be positioned internally or
attached to the edge beams along the shell.

The integrated shell-deck cross sections shown in Figure 3a,
¢, and d were analyzed assuming a simply supported concrete
segment 100 ft long and 30 ft wide. In the analysis, the deck
and the shell thickness were assumed to be 8 in, and § in.,
respectively. The deck thickness is similar to that found in
segmental box-girder bridges. However, the assumed shell
thickness is small in comparison with the thickness of webs
and bottom flanges in segmental box-girder bridges. In shell
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FIGURE 3 Cross sections for shell bridges.

structures, the aperture angle in Figure 3a typically ranges
between 60 and 90 degrees. This limits the curvature of the
shell and hence eliminates the need for double forms during
horizontal casting of the shell. In this study an angle of 80
degrees was selected. For a 30-ft-wide bridge, this resulted in a
shell radius of 23 ft and a height 4 of 6 ft 11/2 in. (see Figure 3).
The width and the height of the curb beam were assumed to be
8 in. and 16 in., respectively. A square cross section of 8 in. x
8 in. was employed for the web members. As a result of
symmetry (in the dead load case only), it was only necessary
to model one-fourth of the bridge; symmetry boundary condi-
tions were imposed on edges 1 to 2, 2 to 3, and 2 to 4 as shown
in Figure 4.

Finite-Element Software

A general-purpose finite-element program ANSYS (6) was
used to determine the dead- and live-load stresses induced in
the 100-ft long, 30-ft wide simply supported concrete bridge.
A concrete compressive strength of 4 ksi was assumed
throughout this investigation. Several elements, such as quad-
rilateral, isoparametric shell, and solid elements, are available
in the ANSYS program for modeling the proposed shell
bridge. The cylindrical roof system given by Cook (7) was
analyzed using isoparametric shell elements and solid ele-

ments to calibrate the ANSYS results and to select an element
to model the shell bridge. The results of both analyses agreed
with those presented by Cook (7); the difference in the results
was less than 3 percent. In this study, solid elements were
selected to model the shell-deck structure. This type of ele-
ment was employed instead of the isoparametric shell element
to ensure an adequate idealization of the connection between
the shell and the deck.

Finite-Element Results

Dead Loads

The finite-element model for the bridge example with 16
inclined posts is shown in Figure 5. Dead-load stresses and
displacements obtained from the finite-element analyses of the
bridge example are summarized in Figures 6-9. Shown in
Figures 6 and 7 are the transverse and longitudinal stresses at
midspan. As expected, the largest stresses and deflections
occurred in the cross section shown in Figure 3a. In an attempt
to reduce the stresses and deflections in this section, the cross
section in Figure 3a was reanalyzed by using a wider shell-
deck connection. The maximum transverse stress was reduced
by about 33 percent (see Figure 6). However, the maximum
deflection was slightly increased (see Figures 8 and 9). This
slight increase would be expected, because increasing the deck
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FIGURE 5 Finite-element model of shell-deck
structure,
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FIGURE 6 Transverse stresses across the deck (midspan).

and shell connection increases the dead weight of the section
and does not significantly increase the stiffness of the cross
section. Deflections obviously can be reduced by reducing the
dead weight of the cross section by using appropriate voids as
shown in Figure 3b. Another altemative to improve the struc-
tural behavior in Figure 3a is to use a section similar to that
shown in Figure 3d. Connecting the deck to the shell by using
eight diagonal members reduces the maximum transverse
stress and vertical displacement by 50 and 20 percent, respec-
tively (see Figures 6 and 8). The reduction in the transverse
stress was very obvious (see Figure 6) when 16
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diagonal members were used to connect the deck to the shell,
Doubling the number of the diagonals also reduced the vertical
displacement along the edges of the deck (see Figures 8 and
9). Using vertical posts did not improve the structural behavior
of the shell deck, as may be seen in Figure 3a. Using diagonal
members in conjunction with the edge beams introduces truss
action along the edges of the bridge. This results in reducing
deflections and stresses as shown in Figures 6-9 (compare the
results of Figure 3d using vertical posts or diagonals). The
cross sections with a wider shell-deck connection, 16 inclined
posts, and two thin webs were selected for further investiga-
tion when the bridge is subjected to live loads.

Live Loads

The previously described bridge was reanalyzed considering
truck live loads recommended by the American Association of
State Highway and Transportation Officials (AASHTO) (8).
Live loads as defined in the AASHTO specifications were
positioned on the bridge deck as shown in Figures 10 and 11 to
induce maximum longitudinal, transverse, and shear stresses.
However, because of the limitations imposed by the finite-
element idealization, the lane loads for the load case that
induces maximum shear stresses were applied along the nodes
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FIGURE 10 Arrangement of lane loads.

adjacent to the support and not on the nodes above the support.
For the finite-element model, quarter symmetry was used
when the load cases shown in Figure 10a, b, and ¢ were
analyzed. This idealization may appear incorrect for the load
case that produces maximum shear stresses (see Figure 10c).
However, to compensate for the errors that resulted from
placing the line load near the support and not above it, equal
line loads must be applied at a similar distance from the other
end. These loads will induce the miscalculated fraction of the
shearing force at the near support that resulted from misplac-
ing the line loads along the location described earlier. Hence,
quarter symmetry still can be used for the analysis of this
particular load case. The entire bridge system was modeled for
the analysis of load case 10d.
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FIGURE 11 Arrangement and magnitude of truck loads.

The bridge considered herein was also reanalyzed consider-
ing AASHTO truck loading (8). Figure 11 shows the location
of trucks for each of the four loading cases analyzed. Note that
the loads per each axle as well as the distance between the
axles are not equal (see Figure 1la), and hence one must
idealize the entire structure for the finite-element analysis.
However, to minimize the computation time and to make use
of symmetry conditions, some modifications to the truck load-
ing were necessary. This was accomplished using a simple
beam analysis considering a modified truck load that predicts
the same maximum bending stresses as the actual truck load-
ing. The modified load obtained from this analysis is shown in
Figure 11b. This load was applied to the bridge example
previously described; the results were compared with those
obtained from the analysis using the actual truck loading.
Differences between the results obtained using the modified
loading and the actual AASHTO loading were within 2 per-
cent, and hence it was satisfactory to replace the AASHTO
truck loading with the modified loading in subsequent anal-
ysis. For the reader’s interest, using the modified load in
conjunction with a quarter symmetry resulted in saving 50 min
of CPU time on the VAX 11/780 computer. In summary,
quarter symmetry was employed in the analysis of the load
cases shown in Figure 11c and d, half symmetry was used to
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analyze load case 11e, and the entire structure was modeled to
analyze load case 11f. The actual truck loading and the
assumption that the axles are 12 ft apart were employed in the
analysis of the load case shown in Figure 11le.

The results of the analyses of the bridge example demon-
strated that the truck-load cases yielded larger displacement
and stresses than those induced by lane loads. The maximum
displacement because of any of the foregoing live loadings,
however, was less than that allowed by the AASHTO specifi-
cations, that is, was less than 1/800 of the span of the bridge.
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by loads shown In Figure 11f.
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Figure 12 shows the displacement distribution across the
bridge at midspan for the live load shown in Figure 11f to the
three different cross sections shown in Figure 3a, ¢, and d. As
can be seen, the cross section without webs or inclined posts to
connect the deck to the shell experiences large differential
displacements between the two edges. However, connecting
the shell to the deck significantly increases the torsional
behavior of the section.

The results of the analyses of the load cases shown in Figure
11 demonstrated that the bridge with inclined posts experi-
ences stresses and displacements bounded by those induced in
the cross sections built with and without thin webs. This is
shown in Figures 12 and 13. Maximum longitudinal stress
induced by applied live loads and dead loads of the structure is
given in Table 1. Also listed are those stresses calculated using
a flexure stress analysis. The data illustrate that the cross
section without posts or thin webs experiences the largest
stresses despite the fact that this section weighs less than the
others. In addition, it may be noted that the heaviest cross
section, that is, the one with thin webs, experiences smaller
displacement and stresses (see Figures 12 and 13). Because of
the similar behavior of the cross section with inclined posts
and the cross section with thin webs (see Figures 12 and 13),
the cross section with inclined posts was selected for addi-
tional investigation.

SUMMARY AND CONCLUSIONS

Closing a bridge for repair or maintenance always causes
inconvenience to the traveling public. Shell elements with an
attached deck slab for emergency bypass bridges were ana-
lytically investigated. Several cross sections that can be uti-
lized for these types of bridges were initially studied, and a
subset of four was selected for further investigation. These
cross sections consist of a deck slab attached to a shell element
at its crown over a wide or a narrow connection and shell-deck
elements connected by either inclined truss elements or by two
thin webs. The finite-element technique was employed to
perform the analysis of a simply supported bridge built consid-
ering these three different shell-deck sections.

The results demonstrated that shell bridges can be used to
construct short- or medium-span emergency bridges. The dis-
placements and transverse and longitudinal stresses caused by
the structure self-weight and the live loads were influenced by
connecting the deck to the shell. The cross section with
inclined posts connecting the deck to the shell was found to be
the most appropriate section for this new bridge concept. In
addition, these sections were constructed using a procedure

TABLE 1 LONGITUDINAL STRESS NEAR EDGE OF SHELL CAUSED BY SELF-WEIGHT AND TRUCK LOAD

Centroidal Flexural
Inertia Axis from Finite Stress
Area (in.4) Bottom Weight Element Analysis
Section (in.2) x 103 (in.) (Ib/ft) (psi) (psi)
Wide connection 4935 1,382 58.55 4,969 4,700 4,705
Inclined post 5,012 1,756 58.95 5,212 3,800 3,850
Two thin webs 5,724 2,374 53.75 5,764 2,740 2,785

Norte: See Figure 11d.
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similar to that used in building small bridges and culverts
utilizing air-bag forms.
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Bridge Replacement Cost Analysis

MiTsuRU SAITo, KUMARES C. SINHA, AND VIRGIL L. ANDERSON

As part of a study to develop a comprehensive bridge manage-
ment system for the Indiana Department of Highways, statls-
tical analyses were performed on bridge replacement costs. It
was found that unit superstructure cost can be estimated
reasonably well in terms of dollars per square foot of deck
area. However, the current practice of expressing unit sub-
structure cost in terms of dollars per square foot of deck area
only by superstructure type may not adequately account for
the difference in substructure costs caused by different sub-
structure types such as solid-stem piers and pile-bent piers.
Average unit substructure costs should be computed sepa-
rately by substructure type as well as by superstructure type.
Estimation of approach construction costs has been consid-
ered difficult and impractical because of various factors af-
fecting such costs. However, an analysis of variance (ANOVA)
can be used. Although approach costs vary significantly from
site to site, it was possible to develop cost prediction models
that would provide reasonably reliable preliminary cost esti-
mates for bridge engineers and inspectors.

As part of a study to develop a comprehensive bridge manage-
ment system for the Indiana Department of Highways (IDOH),
statistical analyses were performed on bridge replacement
costs. It was found that unit superstructure cost can be esti-
mated reasonably well in terms of dollars per square foot of
deck area by superstructure type. However, the current prac-
tice of computing unit substructure cost per square foot of
deck area only by superstructure type may not be adequate to
fully account for the difference in costs caused by different
types of substructures, such as solid-stem piers and pile-bent
piers. It was also found that approach construction costs can be
estimated fairly accurately. An ANOVA approach was used to
find mean costs and their 95 percent confidence intervals for a
group of approach-length and approach-earthwork
combinations.

Detailed descriptions and results of statistical analyses per-
formed on unit structure costs and approach construction costs
are discussed; these analyses were part of the replacement cost
analysis.

DATA BASE

Only state-owned bridges were used for this analysis. Bridges
replaced between 1980 and 1985 were selected for statistical
analyses. Two hundred seventy-nine state-owned bridges were
replaced during this period in Indiana. Currently, IDOH
groups newly designed bridges into five types: reinforced-

K. C. Sinha and V. L. Anderson, School of Civil Engineering, Purdue
University, West Lafayette, Ind. 47907. M. Saito, Institute for Trans-
portation, City College of New York, Convent Avenue at 138th Street,
New York, N.Y. 10031.

concrete box beam, reinforced-concrete slab, concrete I-beam,
steel beam, and steel girder. Because only a few box beam
bridges have been designed, they were grouped with rein-
forced-concrete slab bridges. The Bridge Design Section of
IDOH keeps all the records needed for this analysis.

Cost data used in this analysis were actual bridge contract
costs awarded to contractors and unit costs computed by
IDOH from these contract costs. Replacement costs in dif-
ferent years were adjusted to the 1985 price using the FHWA
construction price invoices (7).

Data obtained were examined for their suitability to subse-
quent analyses. It was found that some bridge construction
contracts included two bridges together. Where it was difficult
to separate costs for each bridge, such data were excluded
from the input data set. Bridges with unnecessarily high or low
costs relative to the normal range of construction costs were
also excluded. Furthermore, bridges that had no approach-road
length were considered outside the population of interest for
this study.

RESULTS OF PRELIMINARY ANALYSES

After preliminary analyses, it was found that predictions
would be practical and reliable if some cost items were
grouped. Four cost components were defined: superstructure,
substructure, approach, and ‘“‘other.” The “other” cost in-
cluded other structure, mobilization and demobilization, traffic
control, demolition, and miscellaneous costs, which included
construction engineering, training, and field office costs.
Table 1 shows percentage splits of these four cost compo-
nents by bridge and superstructure type. The superstructure
cost component accounted for about one-third of the total
bridge construction cost for concrete and steel beam bridges,
whereas it was about 45 percent for steel girder bridges. The
second largest cost component was the approach construction

TABLE 1 AVERAGE PERCENTAGE OF CONTRIBUTION
TO TOTAL BRIDGE COST BY FOUR COST COMPONENTS

Cost Bridge Type

Compo-

nent A B C D All

I 3111 31.10 33.42 45.63 32.63
Il 11.82 16.69 15.64 15.50 13.53
m 39.45 36.84 36.94 26.35 37.52
v 17.63 15.38 14.01 12.51 16.33

Note: Cost components: I = superstructure; II = substructure; III =
approach; IV = other. Bridge types: A = box beam and RC slab (112
samples); B = concrete I-beam (36 samples); C = steel beam (22
samples); D = steel girder (16 samples).
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cost; it accounted for about one-third of the total construction
cost. The remaining one-third was split between the substruc-
ture cost and other cost.

STUDY APPROACH

ANOVA was performed to evaluate the degree of the impact
of classification factors on unit costs. Three factors were used
for analyses: superstructure type, substructure type, and high-
way type. Table 2 shows the levels of these three fixed factors

TABLE 2 CLASSIFICATION FACTORS CONSIDERED
FOR UNIT STRUCTURE REPLACEMENT COST ANALYSIS

Factor Level

Box beam and RC slab
Concrete I-beam

Steel beam

Steel girder

Solid-stem piers
Pile-type piers
Abutment only or arch type?
Interstate?

Primary

Secondary

Urban

Off-system

Superstructure type

Substructure type

Highway type

90nly a few samples were available for analysis.

originally considered in the analysis. Superstructure type is the
main structure type, as specified by the FHWA guide (2). Four
superstructure types were considered: reinforced-concrete slab
and box beam, concrete I-beam, steel beam, and steel girder.

For substructure type, three groups were used. Bridges with
hammerhead piers and solid-stem piers were classified as
belonging to the same group because the only difference
between these two types was the cantilever portion of the
hammerhead piers. Bridges with pile-type piers require far less
material than those with solid-stem piers. Therefore, these
bridges were grouped separately. The last group includes
bridges that do not have piers: bridges supported solely by
abutments and arch bridges.

Highway type was considered to determine whether func-
tional highway classification, such as Interstate or primary,
would affect the construction cost of superstructures. FHWA
requires the state to provide separate unit costs for different
highway types, such as those listed in Table 2.

RESULTS OF ANALYSIS OF VARIANCE
Unit Structure Costs

Unit structure costs were divided into three groups: superstruc-
ture, substructure, and total structure costs. FHWA requires the
state to report these unit costs by superstructure and highway
types. One major objective was to examine whether these
factors would substantially affect the estimation of unit struc-
ture costs.

Unit Superstructure Cost

Because the model used for the ANOVA on unit superstructure
cost had unequal cell frequencies, the MANOVA procedure of
the SPSS package was used (3). A model of four superstruc-
ture types and five highway types was originally designed.
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However, it was found that only a few bridges were replaced
on Interstate highways and urban federal-aid highways. There-
fore, these two highway types were excluded from the anal-
ysis. Among the remaining three highway types, however,
bridges on off-system highways caused a significant hetero-
geneity of variance in this model. As shown in Figure 1,
standard deviations of unit costs of bridges on primary and
secondary highways appeared to be fairly constant at different
levels of mean values. However, the standard deviation of unit
costs of bridges on the off-system state highways showed
substantial differences at various levels of mean values, caus-
ing the heterogeneity of variances for this three-level model.
The existence of heterogeneous variances among the cells
violates one of the basic assumptions of the ANOVA.

It was not possible to reduce this large variance by com-
monly used transformations of raw data values. Because of the
persistent disturbance of homogeneity of variances created by
unit costs of bridges on the off-system state highways and the
relatively few bridges replaced on this highway system, it was
decided that off-system bridges be excluded from the analysis
and the number of levels for highway types be reduced to two,
primary and secondary highways. Strictly speaking, therefore,
the inference drawn from this analysis can be made only for
these two highway types. Unit structure costs of bridges on
Interstate, urban, federal-aid, and off-system highways need to
be analyzed after an adequate number of bridges have been
replaced on these systems.

Consequently, the reduced ANOVA model performed was

Cl'jk =U+ H,- + SJ + Hsu + e(l'j)/c

where
Cijx = unit superstructure cost,
i = the grand mean,
H; = highway type,
§; = bridge type,
HS; = interaction of highway type by
superstructure type, and
e('j)k = error term.

The k subscript on the error term was included to emphasize
replication of unit cost samples. Both classification factors
were treated as fixed factors. With the reduced model, the
Cochran C-test statistic was 0.227 and the homogeneity of
variance was accepted at oo = 0.03. Anderson and McLean
(4) state that if the homogeneity test is accepted at o = 0.01,
there is no need to transform the data. Therefore, no data
transformation was performed, and the ANOVA was con-
ducted on the raw data.

Because of the sequential sum-of-squares method used by
the MANOVA procedure (3), the result of the ANOVA is
affected by the order in which the two main factors, super-
structure type and highway type, are introduced into the
model. The sums of squares for each factor effect are adjusted
for all effects previously entered into the model (3). Therefore,
two runs were made, one with the superstructure type as the
first entry and the other with the highway type as the first
entry. Table 3 is one of these ANOVA tables resulting from the
reduced model. It was found that in both cases effects of
highway type and the interaction of two factors on the mean
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FIGURE 1 Mean versus standard deviation of unit superstructure cost.

TABLE 3 ANOVA FOR HIGHWAY TYPE BY SUPERSTRUCTURE TYPE ON UNIT SUPERSTRUCTURE COSTS

Degrees of Significance
Source of Variation Sum of Squares Freedom Mean Square F-Value of F
Within cells (error term) 4,554.65 190 23.97
Constant 141,876.18 1 141,876.18 5,918.45 04
HWYTP 11.81 1 11.81 0.49 0.484b
SUPTP 2,716.48 3 905.49 37.77 04
HWYTP by SUPTP 25.49 3 8.5 0.35 0.786

Note: Cochran C-statistic = 0.227; probability = 0.030 (approximately); SUPTP = superstructure type (main effect); HWYTP = highway
system type (main effect); SUPTP by HWYTP = interaction effects of highway type by superstructure type.

9Significant at the 0.05 level.
ot significant at the 0.05 level.

unit costs were not significant at a 5 percent level. Therefore,
with available data, it was concluded that as far as unit super-
structure cost is concerned, the only major factor affecting
mean cost values was superstructure type. Table 4 shows the
mean unit costs, standard errors of the mean (SE), and the
upper limit (UL) and lower limit (LL) of the 95 percent
confidence intervals. This table shows that only a small dif-
ference exists between the mean unit costs and the 95 percent
confidence intervals of the two highway types.

Unit Substructure Cost

Unit substructure costs are currently expressed in dollars per
square foot of deck area and classified by highway and super-

structure type. Considering the diverse factors affecting sub-
structure constructions, such as the location of the foundation
and the substructure type, it may be too simplistic to classify
unit costs only by superstructure type for accurately estimating
actual substructure cost. An ANOVA was therefore performed
on unit substructure costs using the superstructure type and the
substructure type as the main effects to examine whether the
substructure type should be considered to compute unit sub-
structure costs. The substructure type was selected because it
was the next logical choice for factoring unit substructure
costs. Effects of highway class were assumed to be small
judging from the results of analyses on unit superstructure
costs.
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TABLE 4 TWO-WAY ANOVA DESIGN FOR UNIT SUPERSTRUCTURE COST ANALYSIS

Superstructure Type
Box Beam and Concrete
Highway Type RC Slab I-Beam Steel Beam Steel Girder
Primary
N 47 23 14 10
Mean 25.62 23.40 29.90 37.94
SE 0.71 1.02 1.31 1.55
LL 2423 21.40 27.33 34.90
UL 27.01 25.40 3247 40.98
Secondary
N 72 21 7 4
Mean 25.81 24.81 31.19 40.58
SE 0.58 1.07 1.85 2.45
LL 24.67 227 27.56 35.78
UL 26.95 26.91 34.82 45.38

Note: N =number of samples; mean = mean unit superstructure cost ($/i® of deck area); SE = standard error
of the mean; LL = lower limit of 95 percent confidence interval; UL = upper limit of 95 percent confidence

interval.

Table 5 shows the model considered in this analysis along
with mean unit costs, standard errors of the mean, and 95
percent confidence intervals. Two substructure types were
used—solid-stem piers and pile-type piers. The third type,
bridges with only abutments or arch support, was excluded
from this analysis because only a few samples were found in
this group.

Table 6 is the ANOVA table for the model considered. The
Cochran C-test statistic was 0.225 and the homogeneity test
was accepted at o = 0.05. Therefore, there was no need for
data transformation. It was found that the interaction of the
two main effects was significant at the 5 percent level as well
as the main effects, as shown in Table 6. The unit substructure
costs for the different superstructure and substructure com-
binations indicated that superstructure type had less effect on
unit substructure cost for the bridges with solid-stem type piers
than for the bridges with pile-type piers. This differential

TABLE 5 TWO-WAY ANOVA DESIGN FOR UNIT
SUBSTRUCTURE COST ANALYSIS

Superstructure Type

Box Beam
Substruc- and RC Concrete Steel Steel
ture Type Slab I-Beam Beam Girder
Solid-stem
piers
27 30 13 13
Mean 13.60 14.19 14.29 12.88
SE 0.98 0.93 1.41 1.41
LL 11.68 12.37 11.53 10.12
UL 15.52 16.01 17.05 15.64
Pile-type
piers
91 7 2
Mean 8.30 11.34 19.07 No sample
SE 0.53 1.92 1.92 available
LL 7.26 7.58 15.31
UL 9.34 15.10 22.83

Note: N =number of samples; mean = mean unit substructure cost $m?
of deck area); SE = standard error of the mean; LL = lower limit of 95
percent confidence interval; UL = upper limit of 95 percent confidence
interval,

influence of superstructure type, which depends on the type of
substructure, implies that the superstructure and substructure
factors interact in their effect on unit substructure costs. Thus,
one should not ordinarily discuss the effects of each factor
separately in terms of the factor-level means.

Generally, pile-type substructures are expected to cost less.
This trend was found for superstructures made of reinforced
concrete. However, for steel-beam bridges, pile-type substruc-
tures became more expensive than solid-stem piers. The result
therefore did not substantiate the expected trend. The small
number of samples for this type might have affected the result.
However, from these analyses, it can be concluded that the
substructure type does affect the unit substructure cost in terms
of dollars per square foot of deck area and that adding the
substructure grouping should help improve the accuracy of
estimated substructure costs.

Unit Total Structure Cost

Unit total structure cost is simply the sum of unit superstruc-
ture cost and unit substructure cost. In the previous section, the
effect of substructure type on unit substructure costs was
discussed. Whether this effect still remains in unit total struc-
ture costs was tested because the effect of substructure type
might be reduced when added to unit superstructure costs. The
same model used for the unit substructure cost analysis was
used by replacing unit substructure costs with unit total struc-
ture costs.

Table 7 gives the ANOVA results. The homogeneity test
was accepted at o = 0.001. Anderson and McLean suggested
that if the test is accepted between o = 0.01 and 0.001,
transformation is not needed unless there is a practical reason
to transform (4). A histogram of raw data was plotted and it
was found that total unit structure cost data were normally
distributed. Raw data were transformed by common logarithm
to see whether the scattering of data points was normally
distributed. Two histograms showed basically the same shape
and it was concluded that transformation of raw data was not
required.
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TABLE 6 ANOVA FOR SUPERSTRUCTURE TYPE BY SUBSTRUCTURE TYPE ON UNIT SUBSTRUCTURE COSTS

Degrees of Significance
Source of Variation Sum of Squares Freedom Mean Square F-Value of F
Within cells (error term) 4,669.91 181 25.80
Constant 23,770.58 1 23,770.58 921.32 0
SUPTP 1,050.88 3 350.29 13.58 04
SUBTP 354.38 1 354.38 13.74 0.00034
SUPTP by SUBTP 381.55 2 190.77 7.39 0.0014

Norte: Cochran C-statistic = 0.225; probability = 0.124 (approximately); SUPTP = superstructure type (main effect); SUBTP = substructure
type (main effect); SUPTP.by SUBTP = interaction effects of superstructure type by substructure type.

9Significant at the 0.05 level.

TABLE7 ANOVA FOR SUPERSTRUCTURE TYPE BY SUBSTRUCTURE TYPE ON UNIT TOTAL STRUCTURE COSTS

Degrees of Significance
Source of Variation Sum of Squares Freedom Mean Square F-Value of F
Within cells (error term) 8,888.17 181 49.11
Constant 272,007.30 1 272,007.30 5,539.20 0
SUPTP 4,571.20 3 1,525.73 31.07 04
SUBTP 312.00 1 312.00 6.35 0.0134
SUPTP by SUBTP 218.08 2 109.04 222 0.112°

Note: Cochran C-statistic = 0.296; probability = 0.001 (approximately); SUPTP = superstructure type (main effect); SUBTP = substructure
type (main effect); SUPTP by SUBTP = interaction effects of superstructure type by substructure type.

9Significant at the 0.05 level.
ot significant at the 0.05 level.

The interaction was dramatically reduced and it became not
significant at a 5 percent level (o0 = 0.112 with raw data).
However, two main effects were still significant at a S percent
level. From this analysis it can be said that the substructure
type does affect unit total structure costs as well as does the
superstructure type. Therefore, it will be better to compute
total superstructure costs separately for the two substructure
groups to better estimate replacement costs.

Approach Construction Cost

Approach construction costs for new bridges are difficult to
estimate because of many factors affecting the construction of
approach roads. Because of this diversity of site-specific fac-
tors, approach costs are often estimated as a lump-sum value
relative to structure costs. However, at the state level of bridge
management, prediction of approach costs is an important
element because it would account for a substantial portion of
the total construction cost once approach roads are needed.
Approach length and amount of earthwork were selected as
two classification factors. Approach length was defined as the
length of the project after the bridge structure length has been
subtracted. The earthwork was the sum of common excava-
tion, borrow, and excavation for subgrade treatment.
Histograms of approach length and earthwork were plotted
and samples were classified into three groups, each consisting
of approximately one-third of the entire data set. Approach
length was divided into three groups—short, medium, and
long—whereas earthwork was divided into three levels—
short, medium, and large. Ranges for these groups are as
follows: (a) Approach length (L): short, 0 ft < L < 500 ft;
medium, 500 ft < L < 1,000 ft; long, 1,000 ft <L < 5,280 ft. (b)
Approach earthwork (E): short, 0 yd3 < E £2,000 yd3 < E <

2,000 yd3; medium, 2,000 yd3 < E < 8,000 yd3; large, 8,000
yd3 < E < 50,000 yd3.

Table 8 shows the ANOVA model used for this analysis.
Although each cell did not have an equal sample size, each
row and column had approximately one-third of the entire
sample.

The homogeneity test was rejected at oo = 0.001 for raw
data and the transformation was made by using common
logarithm (log 10). With the transformed data, the Cochran
C-statistic was 0.208 and the homogeneity of variance was

TABLE 8 TWO-WAY ANOVA DESIGN FOR APPROACH
COST ANALYSIS

Amount of Earthwork

Approach
Length Small Medium Large
Short
N 47 15 3
Mean 80.1 121.1 179.8
LL 70.1 95.5 105.5
UL 91.6 153.7 306.2
Medium
N 13 40 21
Mean 121.0 158.4 268.9
LL 93.7 136.9 219.9
UL 156.2 183.3 328.9
Long
N -a 7 46
Mean - 257.8 330.7
LL - 181.9 288.7
UL - 365.4 378.8

Note: N = number of samples; mean = mean approach construction
cost (in $1,000); LL = lower limit of 95 percent confidence interval,
UL = upper limit of 95 percent confidence interval.

9No sample available.
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TABLE 9 ANOVA FOR APPROACH LENGTH AND AMOUNT OF EARTHWORK ON APPROACH CONSTRUCTION

COSTS
Degrees of Significance
Source of Variation Sum of Squares Freedom Mean Square F-Value of F
Within cells (error term) 7.698 184 0.0418
Constant 946.677 1 946.677 22,626.59 0
LENGTH 8.705 2 4.353 104.03 02
EARTH 1.773 2 0.887 21.19 04
LENGTH by EARTH 0.0076 3 0.025 B . 0.60 0.614>

Note: Cochran C-statistic = 0.208; probability = 0.110 (approximately); LENGTH = approach length (main effect); EARTH = amount of
earthwork (main effect); LENGTH by EARTH = interaction effects of approach length by the amount of earthwork.

9Significant at the 0.05 level,
Not significant at the 0.05 level.

accepted at o = 0.05. The ANOVA model performed on
approach construction costs was

logloA,-jk =u+ Ll- + Ej b LEU + e(ij)k

where

Ay = actual approach construction cost,
{ = the grand mean,
L; = approach length,
EJ = amount of earthwork,

LE;; = interaction of approach length by amount of

earthwork, and
i = the error term.

Two main factors were treated as fixed effects. Table 9 shows
the ANOVA table for this model. It was found that the interac-
tion of two factors was not significant (P-value = 0.614). Two
main effects were, however, significant at a 5 percent level.
This implied that two factors, approach length and approach
earthwork, can be used as grouping factors for estimating
approach construction costs.

Table 8 also shows 95 percent confidence intervals of the
cell means. The measurement unit of cost is $1,000 in this
table. It is shown that the cells in the diagonal position provide
the best estimates. Cells with a small sample size had wider
confidence intervals. Although this linguistic grouping ap-
proach was somewhat coarse, results appeared to be promising
for making initial estimates of approach construction costs.

SUMMARY AND CONCLUSION

Results of statistical analyses on costs of bridge superstruc-
ture, substructure, and approach construction, which can be
used to make initial cost estimates, have been discussed in this
paper. Unit structure costs are often used to estimate total
structure costs. FHWA requires the state to submit unit struc-
ture costs by highway system type and by superstructure type.
The replacement cost analysis tested whether this classifica-
tion could be adequate to account for variations in unit costs
caused by the site-specific nature of bridge construction.

As for superstructure construction costs, the analysis was
conducted only for primary and secondary highway systems.
The difference in the mean unit costs for these two types of
highway systems was not statistically significant. Adequate
samples were not available for other highway systems, that is,
Interstate, urban highway, and off-system roads.

Currently, substructure type is not used to categorize unit
structure costs. However, it was found that substructure type
significantly affects unit substructure and unit total structure
costs. In this analysis, costs were considered in terms of two
substructure types: with solid-stem piers and pile-type piers.
This simple two-type grouping considerably improves the
accuracy of estimates of substructure construction costs.

The analysis conducted on approach construction costs
showed that the prediction of approach costs could be im-
proved by grouping such costs in terms of approach length and
amount of earthwork. For instance, the mean approach cost of
a short approach with a small amount of earthwork was
$80,000 and its confidence interval was $20,000. As the ap-
proach road becomes longer and the amount of earthwork
becomes large, the confidence interval increases, indicating
that there was more variation in such large construction.

In this paper the emphasis is on the use of statistical princi-
ples to assess the accuracy of unit bridge costs to be used for
estimating future bridge construction costs. Often, average
values are used as representative costs of that group, but unless
the deviation of costs is known, one is not sure about their
precision. Standard errors of the mean and 95 percent confi-
dence intervals of the mean unit costs should help engineers
and inspectors understand how much variability might be
expected when average values are used,
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Bridge Performance Prediction Model
Using the Markov Chain

Y1 JIANG, MITSURU SAITO, AND KUMARES C. SINHA

As part of a study to develop a comprehensive bridge manage-
ment system for the Indiana Department of Highways
(IDOH), a bridge performance prediction model using the
Markov chain was developed. The model can be used to
predict the percentages of bridges with different condition
ratings as well as to develop performance curves of bridges.
The Markov chain, a probability-based method, was used in
the model to reflect the stochastic nature of bridge conditions.
The study exhibited the power of the Markov chain approach
in prediction or estimation of future bridge conditions. The
procedure, although simple, was found to provide a high level
of accuracy in predicting bridge conditions.

A major objective of a bridge management system is to assist
bridge managers in making consistent and cost-effective deci-
sions related to maintenance and rehabilitation of bridges. The
decision making, either at the network level or at the project
level, is based on current and future bridge conditions. There-
fore, it is essential for a bridge management system to be
capable of accurately predicting future bridge conditions.

A bridge performance model was developed for a bridge
management system for the Indiana Department of Highways
(IDOH). The model was developed using the Markov chain
for predicting future bridge conditions. Predictions can be
made for the condition rating of bridges and for the percentage
of bridges at different condition ratings, both of which are
important for a bridge management system.

Knowing the percentage of bridges at different condition
ratings at present, a bridge manager may wish to know the
percentage distribution in the future. Also, knowing the pres-
ent condition rating of a bridge, he may want to predict the
condition rating of the bridge in a given year. This model
provides a tool for these predictions. To use the model, one
simply has to input the present percentage distribution of
bridge conditions or the present condition rating of a bridge.

This paper presents a brief introduction to the concept and
use of the Markov chain approach. The development of transi-
tion matrices is also discussed. Their applications to the
development of a bridge performance model are explained
through examples.

DATA BASE

The complete data base included about 5,700 state-owned
bridges in Indiana. A sample data set was selected from
Y. Jiang and K. C. Sinha, School of Civil Engineering, Purdue Uni-
versity, West Lafayette, Ind. 47907. M. Saito, Institute for Transporta-

tion, City College of New York, Convent Avenue at 138th Street, New
York, N.Y. 10031.

bridges on State Roads 1, 2, 3, 4, 14, 16, 46, and 57. To
evaluate the effects of bridge type and climate on bridge
performance, structures were divided into steel and concrete
bridges, and bridges in northern and southermn regions were
studied separately. The sample data set consisted of 170 con-
crete bridges and 106 steel bridges.

MARKOV CHAIN APPROACH

The Markov chain as applied to bridge performance prediction
is based on the concept of defining states in terms of bridge
condition ratings and obtaining the probabilities of bridge
condition transition from one state to arother. These proba-
bilities are represented in a matrix form that is called the
transition probability matrix, or simply transition matrix, of
the Markov chain. If the present or the initial state of the
bridges is known, the future condition can be predicted
through multiplication of the initial-state vector and the transi-
tion probability matrix.

Using the FHWA bridge-rating system, bridge inspectors
employ a range from O to 9, with 9 being the maximum rating
number for near-perfect condition (Z). Ten bridge condition
ratings are defined as 10 states, with each condition rating
corresponding to one of these 10 states. For example, condi-
tion rating 9 is defined as State 1, rating 8 as State 2, and so on.
Without repair or rehabilitation, the bridge condition rating
decreases as the bridge age increases. Therefore, there is a
probability that the condition will make a transition from one
state, say I, to another state, j, during a given period of time,
which is denoted P; ;. Table 1 shows the correspondence of
condition ratings, states, and transition probabilities.

Let the transition probability matrix of the Markov chain be
P, given by

Pin Pip o Pryo
Pyy Pyp o Pryg

P= 1)
Piog Pioz - Pioao

Then the state vector for any time T, P, can be obtained
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TABLE 1 CORRESPONDENCE OF CONDITION RATINGS, STATES, AND TRANSITION PROBABILITIES
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] 1 ]
| | =9 R=8 R=? R=6 R=5 R=4 R=3 R=2 R=1 R=0 |
1 I 1
1 ! t
: | s s=2 S=3 S=4 S=5 s=6 s=7 s= 5=9 s=10 |
| | |
| ] 1 ]
:R=9 : S=1 : Pi,1 Py,2 Pi1,3 Pi,4 Py,s Pi,e Py,7 Pi,8 Py,9 Py. 10 :
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:R=7 : - Y Pagt Pa.2 Pas P4 Pas Pae Pasz Paa Pae  Paae :
:R-e : e : Pa,1 Pa,a Pa,3 Pa,a Pas Pae Pa,2 Pae Pao  Pa,i0 :
:R-s : S=5 : Ps, 1 Ps,2 Ps,3 Ps,4 Ps. 5 Ps ¢ Ps,> Ps. a Ps. o Ps,10 :
:R=4 : S=6 : Pe, 1 Pe,2 Pe,3 Pe, 4 Pe,s Pe.,6 Pe,7 Pe.8 Pe,o Pe, 10 :
:R-a : s=7 : P54 P>,2 P> 3 P>, 4 P55 Ps e P>, 5 P>, g P59 Ps, 10 :
:R=2 : S=9 : Pg, 1 Pg,2 Pg,3 Pg,4 Pa,s Pg,e Pg,? Pg,8 Pg,s Pg, 10 :
:R:x : 5=9 : Ps 1 Ps,2 Ps,3 Ps, 4 Ps 5 Ps.e Pg, > Ps. g Pg. o Ps, 10 :
iR=0 i S=m i Pio,1 Pro,2 P10,3 Pi10,4 Pi0,5 Pio,e Pro,7 Pro,8 Pro,e Pxo.in
Note: R = Condition Rating
§ = State
Py 3 = Transition Probability from State i to State j

by the multiplication of the initial-state vector P(®) and the
transition probability matrix P:

PD = pO x pxpP .. %P = PO« pT )

Thus, a Markov chain is completely specified when its
transition matrix P and the initial-state vector P(O) are
known. Because the initial-state vector P(0) is usually known
for a bridge management system, the main problem of the
Markov chain approach in this study is to determine the
transition probability matrix.

TRANSITION PROBABILITY MATRIX

Since 1978 all federally supported bridges have been
inspected every 2 years. The inspection includes ratings of
individual components such as deck, superstructure, and sub-
structure as well as of the overall bridge condition. Unless
rehabilitation or repair is applied, bridge structures deteriorate
gradually so that the bridge condition ratings either are
unchanged or change to a lower number in the 2-year rating
period. That is, a bridge condition rating should monotonically
decrease as the bridge age increases. Therefore, the probability
P; ;is null for i > j, where i and J represent the states in the
Markov chain.

For the purpose of management, two kinds of predictions
need to be performed: (a) the percentage of bridges with a
particular condition rating at any given time and (b) the bridge
conditions at different bridge ages.

Percentage of Bridges with a Particular
Condition Rating

From the data base, the number of bridge-condition transitions
from one state to another state was obtained. Let ; ; denote
the number of transitions from State i to State j within the time
period; then the number of bridges in State i before the
transition can be defined as

n; = ,2 n; 3)

It can be proved (2) that the estimated transition probability is

p. . = lij 4
iJ n;

Consequently, the transition matrix is determined and the
prediction can be performed by using Equation 2.

As an example, the transition matrix for deck conditions of
concrete bridges in northern Indiana was obtained by this
method. Because bridges are inspected every 2 years, a 2-year
transition period was used; that is, p; ; was the probability of
transition from State i to State j in a 2-year period. The
numerical results of n;, n; ;, and the corresponding transition
‘mafrix are given in Tables 2 and 3.

Bridge Conditions at Different Bridge Ages

To develop a bridge performance curve, it is necessary to
predict bridge conditions at different ages. The transition
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TABLE 2 NUMBER OF STATE TRANSITIONS OF DECK CONDITION FOR CONCRETE BRIDGES

i i

{EatE Mg Tem Mes A Uy Me e e i TLw : ol

+ | t '

HECS I 1 6 5 2 o o o o ° o | n=t4 :
]

: i=2 | o 20 51 12 2 6 o o o o | ny=91 :
I

: i=3 | o o 114 36 9 4 o ° o o : n3='163:
i

| i=4 ° o 0 as 12 o 3 ° o o : n =60 |
i

: i=5 | o o o o 18 ? 1 o o 0 : ng=26 |
I

li=e 1 o o o ° o 18 2 1 o o : ne=21 :
|

=7 o o o o o o s o o o : n=5 |
i

: i=8 | ° o o o o o o 1 o o : ng=1 :
I

| 1= o o o o ° o o o o o | ng=0 :
|

| ! |

li=to 1 o o o o o o o o o 0| ng=0 |

I | 1 L

Note: The sample data were randomly chosen from the concrete

bridge condition data from nothern Indiana.

TABLE 3 TRANSITION PROBABILITY MATRIX OF CONCRETE DECK CONDITION IN NORTHERN

INDIANA

i i i
:State : Pi,1 Pi,e Prs Piag Pre  Pig Pay  ®e Py Py
1 ' "
| i=1 | 0.071 ©0.429 ©.357 0.143 0.000 0.000 ©0.000 0.000 0.000 0.000,
| i=2 | 0,000 ©0.220 ©.560 ©0.132 0.022 0.066 ©0.000 ©0.000 0.000 0.000,
| 1=3 | 0.000 ©.000 0.699 0.211 ©0.055 ©0.025 0.000 0.000 ©.000 ©.000
| i=4 | 0.000 ©0.000 ©.000 0.750 0.200 0.000 ©0.050 ©0.000 0.000 ©0.000)
| i=5 | 0,000 ©.000 ©.000 ©.000 0.692 0.269 ©0.038 0.000 0.000 0.000)
| i=6 | ©0.000 ©0.000 ©0.000 ©0.000 ©0.000 0.857 0.095 0.048 0.000 0.000
| i=7 | 0,000 0000 0000 ©0.000 ©0.000 ©0.000 1.000 0.000 ©0.000 ©.000|
| 1¥8 | 0.000 ©.000 ©.000 ©0.000 ©0.000 0.000 ©.000 1.000 ©.000 ©.000
| =9 | ©.000 ©0.000 ©.000 ©0.000 ©0.000 0.000 ©0.000 0.000 0.000 ©0.000]
li=10 | 0.000 ©0.000 ©0.000 ©.000 ©.000 ©.000 ©0.000 0.000 0.000 0.000)
I I 1

matrix used in this case is different from that in percentage
prediction, which gives the proportion of bridges with a par-
ticular condition rating in a given year. Bridges with different
ages may have the same condition ratings. However, a perfor-
mance curve provides a direct relationship between bridge
condition and bridge age.

The transition matrix presented in Table 3 cannot be used to
develop bridge performance curves, because this matrix is
independent of bridge age; in other words, it is not homoge-
neous with respect to bridge age. However, a Markov chain
requires the homogeneity of a transition matrix (2). Therefore,
to avoid overestimating or underestimating the bridge condi-
tion, a different approach, called a zoning technique, was used
to obtain the transition matrix. This approach had been used by

Butt et al. for the development of pavement performance
curves in a previous study (3).

Unlike in percentage prediction, a 1-year transition period
was used in developing the performance curve. That is, p;;
was the transition probability from State  to State j in a 1-year
period. Bridge age was divided into groups, and within each
age group the Markov chain was assumed to be homogeneous.
Groups consisting of 6 years were used, and each group had its
own transition matrix, which was different from those of the
remaining groups.

To make the initial computations simple, an assumption was
made that the bridge condition rating would not drop by more
than one state in a single year. Thus, the bridge condition
would either stay in its current state or make the transition to
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the next lower state in 1 year. The transition matrix therefore
has the following form:

P) ¢1) O 0 0 0 0
0 2 q@ O 0 0 0
0 0 pB3) qB3 0 0 0
P =| 0 0 0 P4 q@ 0 0 [(5
0 0 0 0 p(5)  qB5) O
0 0 0 0 0 p6) ¢©®
0 0 0 0 0 0 1

where q(i) = 1 — p(i).

It should be noted that the lowest recorded rating number in
the data base was 3, indicating that bridges are usually
repaired or replaced at a rating not less than 3. Consequently,
the corresponding State 7 has the transition probability
p() = 1

To estimate the transition matrix probabilities, for each age
group the following nonlinear programming objective function
was formulated:

min ﬁl | - E¢,P) | (6)
1=
subject to 0 < p(i) <1, b="1; 2o 0
where
N = 6, the number of years in one age group;
P = [p(D), p(2), ..., p(6)], a vector of length 6;
S(f) = average of condition ratings at time #, and
E(,P) = estimated value of condition rating by

Markov chain at time f.

The objective function was to minimize the absolute dis-
tance between the actual bridge condition rating at a certain
age and the predicted bridge condition for the corresponding
age generated by the Markov chain with the probabilities
obtained by the nonlinear programming. The solution to this
function was obtained by the gradient projection method (4).

To find the trend of a performance curve, a polynomial
regression procedure (5) was performed first. The results of
the regression were taken as the average condition ratings to
solve the nonlinear programming. This method is explained in
the following section through an example.

The maximum rating of bridge condition is 9, and it repre-
sents a near-perfect condition of a bridge component. It is
almost always true that a new bridge has condition rating 9 for
its deck, superstructure, and substructure. In other words, a
bridge at age 0 has condition rating 9 for its components with
unit probability. Thus, the initial-state vector p(0) for the deck,
superstructure, or substructure of a new bridge is always (1, 0,
0, ..., 0), where the numbers are the probabilities of having
condition ratings 9, 8, 7, ..., and 0, respectively, at age 0. That
is, the initial vector of the first group for developing the bridge
performance curve is known. Group 2 takes the last-state
vector of Group 1 as its starting-state vector. In general, Group
n takes the last-state vector of Group n — 1 as its starting-state
vector. The rest of the work to obtain the overall bridge
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performance curve or performance curve for bridge compo-
nents is nothing but to conduct the following matrix
multiplications:

P = p©® % P

p@ = pO * P2

p& = p@ x pi @)

where p() represents the condition-state vector at age i.

APPLICATIONS

Once the (transition matrix has been obtained, the prediction of
the future condition by the Markov chain becomes a matter of
simple multiplication of matrices. As stated earlier, this study
used the Markov chain technique for two kinds of predictions:
the percentage of bridges with a particular condition rating at
any given time and the performance curve of bridges. The two
applications are discussed in the following paragraphs.

Example of Percentage Prediction

The percentage of bridges with particular condition ratings in
the base period can be readily obtained from the record of
bridge condition ratings. For example, the fraction of concrete
bridges with different deck condition ratings in northern Indi-
ana in 1978 can be used as the initial-state vector:

PO = (0.096, 0.559, 0.272, 0.059, 0.015, 0.000, 0.000,
0.000, 0.000, 0.000)

That is, in 1978 there were 9.6, 55.9, ..., and 0.0 percent of
concrete bridges with deck condition ratings of 9, 8, ..., and 0,
respectively.

Suppose that the expected percentages in 1984 are required,
that is, the percentages after three rating periods, because
bridge conditions are evaluated every 2 years. Using the tran-
sition probability matrix given in Table 3, the problem is only
to get the three-step probability vector P() with the initial-
state vector P(0) and the transition probability matrix P. From
Equation 2,

PG) = p® * p3 = (0.000, 0.009, 0.350, 0.323, 0.157,
0.110, 0.045, 0.006, 0.000, 0.000)

Figures 1 and 2 show the comparison of the actual and the
predicted values for deck condition of concrete bridges in
northern Indiana and steel bridges in southern Indiana, respec-
tively, recorded in 1984.

The chi-squared goodness-of-fit test (6) was used to mea-
sure the closeness of the predicted and the recorded values.
The computed chi-square is given by
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FIGURE 1 Actual versus predicted percentage of concrete bridges in northern Indiana in 1984 by deck
condition rating.

TABLE 4 CHI-SQUARED GOODNESS-OF-FIT TEST OF
PERCENTAGE PREDICTION OF DECK CONDITION
RATING: CONCRETE BRIDGES, NORTHERN INDIANA

! T
Rating | ll1 Ei (Ri_Ei) Ei
9 0.07 0.0Z 0.0 ==
-6 -4
8 1.17 0.97  4.0x10 4.4%10
? 36.37 35.17  l.4x10”%  4.1x1074
6 33.0% 32.3%7  4.9x107°  1.5x10°
5 11.0% 15.67  2.2x107°  1.4x1072
4 13.17 11.0% 4.8x10° 4 4.4x1073
3 ! A 4 4.57  1.0x10°%  2.2x107°
2 I 112 0.67  2.5x107°  4.2x107°
1 | 0.07 0.07 0.0 =
|
i
2
£ ' 100.0%  100.07 x2a0.024
—1
2. 2
CHI.[x® 3 0.024] > 0.995

£ R - Ep
2 = 3 1 8
=X E, ®
where
k = number of observations,
R; = recorded value of the ith observation,
E; = expected value of the ith observations, and

X2 has a chi-squared distribution with k — 1 degrees of
freedom.

The results are shown in Tables 4 and 5. As can be seen
from Figures 1 and 2 and the statistical test results, the pre-
dicted values are very close to the recorded values.

Example of Performance Curve for
Bridge Component

The deck performance curve of a concrete bridge in northern
Indiana is used as another example. As mentioned in the last
section, the initial-state vector of the first group for the deck,
superstructure, or substructure of a new bridge is always (1, 0,
0, ..., 0). Therefore, the major problem is to obtain the transi-
tion matrix for bridge decks.

A polynomial nonlinear regression model was assumed as
follows:
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FIGURE 2 Actual versus predicted
condition rating.

TABLE 5 CHI-SQUARED GOODNESS-OF-FIT TEST OF
PERCENTAGE PREDICTION OF DECK CONDITION
RATING: STEEL BRIDGES, SOUTHERN INDIANA

5@ = A

+ Bt + C2 + D3

nercentage of steel bridges in southern Indiana in 1984 by deck

®

E— i — s where
, (Rg-ep?
Rating Ry Ey (Ry=Ey) = t = bridge age or number of years since last
major reconstruction,
" 5o T S(H) = bridge deck condition rating, and
e 1 X . A-D coefficients to be determined.
8 0.0% 1.47  2.0x10™%  1.4x1072
B 26.7% 25.27  2.2x10"%  &.ox10”% Using the SAS (7) statistical package, the coefficients were
_5 -4 obtained on the basis of the sample data, as shown below:
6 40,07 39.37  4.9x%10 1.2x10
-5 -4
5 16.62 17.3%  3.6x10 2+ 1E10 S(®) = 9.0 - 0.30266¢ + 0.008952 — 0.00009¢3 (10)
4 6.77% 9.77  9.0x10"%  9.3x1073
—4 -2 The values of S(f) obtained from Equation 10 were used to
3 10.07 7.0%7  9.0x10 1.2x10 . . e " )
solve the nonlinear programming function in Equation 6. This
2 0.0% 0.0% 0.0 = solution provided transition probabilities corresponding to
1 0.0% 0.07 0.0 == Equation 5 for different bridge age groups. Table 6 shows the
transition probabilities for the nine age groups. For example,
2 p(1) = 0.69 in Group 1, which means that 69 percent of the
5 Wwi-0%  100.02 X =0-038 bridges in Group 1 (aged 6 years or less) that are in State 1

CHI:[xZ > 0.038] > 0.995

(condition rating 9) at present would remain in State 1 and that
the remaining 31 percent of the bridges would deteriorate to
State 2 (condition rating 8) in a 1-year period.
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An example set of computations is given in the following.
Using Equation 5 and information from Table 6, the transition
matrix for Group 1 was obtained:

069 031 0 0 0 0 0
0 077 023 0 0 0 0
0 0 092 008 O 0 0

P =| o0 0 0 091 009 0 o |(11)
0 0 0 0 09 010 0
0 0 0 0 0 079 021
0 0 0 0 0 0 1

The initial-state vector of Group 1 was p(® =(1, 0,0, ...,0).
Therefore, the state vector of Group 1 for year ¢ can be
obtained by Equation 7. For example, the state vectors for year
0 through year 6 are given below:

»®=(1,0,000,0,0,000)

pD = p® % p

= (0.69, 0.31, 0.00, 0.00, 0.00, 0.00, 0.00, 0.00, 0.00,
0.00)

P2 = pO * p2

= (0.48, 0.45, 0.07, 0.00, 0.00, 0.00, 0.00, 0.00, 0.00,
0.00)

p® = p© * p3

= (0.33, 0.49, 0.17, 0.01, 0.00, 0.00, 0.00, 0.00, 0.00,
0.00)

P4 = pO % p4

= (0.23, 0.48, 0.27, 0.02, 0.00, 0.00, 0.00, 0.00, 0.00,
0.00)

S = p© * ps

= (0.16, 0.44, 0.36, 0.04, 0.00, 0.00, 0.00, 0.00, 0.00,
0.00)

po = p® = poé

= (0.11, 0.39, 0.43, 0.06, 0.01, 0.00, 0.00, 0.00, 0.00,
0.00)

31

TABLE 6 TRANSITION PROBABILITIES FOR DIFFERENT
BRIDGE AGE GROUPS

p(1) p(2) p(3) p(4) p(5) p(6)

Group 1 0.69 0.77 0.92 0.91 0.90 0.79

Group 2 0.42 0.86 0.86 0.69 0.72 0.56

Group 3 0.65 0.91 0.91 0.92 0n.97 0.76

Group & 0.10 n.07 0.96 0.95 0.98 0.93

Group 5 N.10 0.10 0.94 0.98 0.99 0.11

Group 6 0.10 0.10 0.99 0.98 0.95 0.99

Group 7 0.10 0.10 0.83 0.99 0.97 0.99

Group 8 0.10 0.10 0.57 0.92 0.95 0.99

Group 9 0.10 0.10 0.10 0.55 0.97 0.48

Then p(6) obtained above for Group 1 was taken as the
initial-state vector of Group 2, and the corresponding transi-
tion matrix of Group 2 was used to continue the procedure.

By this procedure, the bridge condition at any time ¢ can be
predicted in terms of initial-state vector p(®) and transition
matrix P. Figure 3 shows the deck performance curve of
concrete bridges in northern Indiana obtained by this method.
Performance curves can be developed similarly for other
bridge components.

The trend of the predicted performance curve matched the
actual bridge condition data well. The results indicated that
bridge deck ratings dropped quickly at the beginning of a
bridge’s life, then became more stable as the bridge age
increased, and dropped quickly again after the deck condition
rating reached 5 or less. It should be noted that bridge condi-
tion ratings are subjective judgments of bridge inspectors and
thus the trend may reflect inherent human bias. For example,
bridge inspectors are generally reluctant to rate a condition
“perfect” after the initial year and they also tend to consider
the condition as rapidly deteriorating after the rating has
reached 5.

A chi-squared goodness-of-fit test(6) was performed, and
the results indicated that the difference between the predicted
performance and the least-squares polynomial performance
was not significant at a = 0.05, as shown below:

Chi%, (x 2 0.072) > 0.995 > & = 0.05
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FIGURE 3 Performance curve of concrete-bridge deck condition in northern
Indiana.
CONCLUSIONS ment Station, Purdue University, in cooperation with the Indi-

An accurate estimate of the future condition of bridges is
essential for an effective bridge management system. The
Markov chain is a powerful and convenient tool for estimating
future bridge performance. The results obtained by a Markov
chain model are particularly useful if dynamic programming is
used for optimization in a bridge management system, because
the transition probabilities are the basic parameters to deter-
mine before one can solve a dynamic program (8). Further-
more, performance curves give bridge managers a quantitative
view of bridge conditions that is useful in selecting rehabilita-
tion strategies.

A Markov chain is completely specified when its transition
matrix P and the initial-state vector p(®) are known. Usually,
the initial condition is known in a bridge management system.
So the main task in using the Markov chain is to develop the
transition probability matrix. In the present study, the effects
of bridge age on bridge condition were emphasized. The
effects of other factors on bridge performance, such as truck
traffic and climate, are currently under study. The more factors
a model considers, the closer it is to the reality of the problem.
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Tie Girder Fracture in Siouxland Veterans

Memorial Bridge

JouN M. HaNsoN, MICHAEL J. KooB, AND GILBERT T. BLAKE

The Siouxland Veterans Memorial Bridge, from Sioux City,
Nebraska, to Sloux City, Iowa, was opened to traffic In Janu-
ary 1981. In May 1982 Iowa Department of Transportation
personnel discovered a fracture across the full width of the top
flange on the downstream tie girder. The investigation into the
cause of the fracture included chemical and physical testing
and fractographic and metallographic examinations. Results
of the latter examinations showed that the fracture originated
at a gas-flame-cut edge of the 2¥/4-in.-thick A588 flange plate.
It arrested at least once at a depth of 0.37 in. and possibly
earlier at a depth of about 0.05 in. before propagating in a
brittle mode across the flange. The fracture surface was heav-
ily corroded, indicating that the fracture had occurred long
before its discovery. The physical tests indicated that the plate
in which the fracture occurred did not meet the specified
toughness requirements. Additional tests on samples of mate-
rial extracted from other parts of the girders revealed highly
variable toughness properties, some of which did not meet the
requirements of the specifications either.

The Siouxland Bridge from Sioux City, Nebraska, to Sioux
City, Iowa, a tied arch structure having a span length of 425 ft,
was opened to traffic in January 1981. In May 1982 Jowa
Department of Transportation (IDOT) personnel discovered a
fracture across the full width of the top flange of the down-
stream tie girder. An investigation to determine the cause of
the fracture was undertaken. The investigation included chem-
ical and physical testing and fractographic and metallographic
examinations. A summary of the testing and examinations and
the authors’ opinion of the cause of the fracture are reported in
this paper.

BRIDGE DESCRIPTION

The Siouxland Bridge is a steel tied arch structure with contin-
uous-welded plate-girder approach spans. A view of the 425-ft
tied arch span, looking south, is shown in Figure 1. As shown
in the elevation in Figure 2, the interior panels are 35 ft 0 in.
long, and the end panels are 37 ft 6 in. long. The tie girders act
in tension to counteract the compressive thrust of the arch, as
well as in flexure to resist the live-load bending moment. Panel
points are numbered from 0 to 6 to 0",

A partial cross section of the bridge is shown in Figure 3.
The reinforced-concrete deck slab, which carries four lanes of
traffic, is supported on nine longitudinal stringers, which bear

Wiss, Janney, Elstner Associates, Inc., 330 Plingsten Road, North-
brook, 1. 60062.

on the top flanges of transverse floor beams located at each
panel point. The floor beams frame into the tie girders at each
panel point. The tie girders are supported by 13/s-in.-diameter
strand hangers suspended from the arch rib.

The bridge was designed for an HS20-44 loading plus an
allowance of 20 psf for a future wearing surface. The design
was based on the 1973 specifications for highway bridges of
the American Association of State Highway and Transporta-
tion Officials (AASHTO), plus their interim specifications,
along with the draft version of Guide Specifications for
Fracture Critical Non-Redundant Steel Bridge Members and
IDOT SP-229: Special Provisions for Missouri River Bridge.

The tie girders, shown in Figure 4, are box members that are
2 ft 72 in. wide by 6 ft 4 in. to 6 ft 5'/2 in. deep, fabricated
from ASTM Grade AS88 and AS572 steel. The A588 flange
plates vary in thickness between 2 and 2%/s in. The A572 web
plates are 6 ft deep by 3/a in. thick and are inset 3/4 in. from the
edge of the flanges. The flange and web plate lengths vary
from 8 ft 9 in. to 70 ft, depending on field splice locations. It is
believed that the plates were flame cut without preheat.
Welded construction was used throughout the tie girders,
except for the high-strength bolted field splices. All welded
details utilized in the bridge were Category C or better.

Steel for the bridge was provided by two suppliers, one who
furnished most of the flange plates, and the other who fur-
nished the remainder of the flange plates and all of the web
plates.

EXAMINATION OF FRACTURE SURFACE AND
TESTS OF ADJACENT MATERIAL

The fracture was located 6 ft 10 in. north of panel point 3 in
the downstream tie girder, and extended in a nearly perpen-
dicular direction across the top flange plate. The view shown

FIGURE 1 Siouxland Bridge at Sioux City, Iowa.
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in Figure S was taken as a section of the flange containing the
fracture was being cut and removed from the tie girder for
laboratory testing. As a precaution against further propagation,
IDOT personnel drilled a '3/16-in.-diameter hole through the
weld and web plate on each side of the tie girder to remove the
crack tip, as shown in Figure 6. The measured widths of the
crack varied from 0.05 to 0.08 in., as shown in Figure 7. There
were no stiffeners or any other welded attachments in the
vicinity of the crack.

The section taken from the flange is shown in Figure 8. One
piece was about 5 in. long (in the direction of the tie girder),
and the other was about 9 in. long. The fracture occurred in a
region where the flanges and web plates had a fabricated
length of 70 ft 0 in.

To preserve the fracture surface, a !/2-in.-thick slice adjacent
to the fracture was made across the full width of the 9-in.-long
piece of flange plate. The remainder was used to conduct
chemical, tensile, Charpy V-notch impact, and compact ten-
sion toughness tests.

The 5-in.-long piece was given to the supplier of that mate-
rial, who also removed and preserved a slice containing the
fracture surface. Specimens were cut from the remainder for
chemical, tensile, Charpy V-notch impact, and hardness tests.
The supplier was also given four cores extracted from the top
flange near the fracture for testing.
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Results of tests conducted by Materials Research Labora-
tory, Inc., on behalf of IDOT and by the supplier were in good
agreement. The examinations and findings by the supplier
were confirmed by Ed Ripling of Materials Research Labora-
tory, Inc. All of these test results are summarized in the
following sections.

Chemical Propertles

The chemical tests indicated that the steel conformed to the
requirements of ASTM A588-77a, as specified. Carbon con-
tent was at or close to the maximum allowable value of 0.19
percent and the manganese content ranged from 1.10 to 1.15
percent.

Tensile Properties

ASTM A588 requires a minimum tensile strength of 70 ksi, a
minimum yield strength of 50 ksi, and a minimum elongation
of 19 percent for plates with thicknesses up to 4 in. Tensile
tests on longitudinal (rolling direction) and transverse speci-
mens indicated tensile strengths ranging from 90.3 to 103.1
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FIGURE 8 Pieces of A588 flange plate with fracture.

ksi, yield strengths from 58.5 to 68.1 ksi, and elongations from
21.5 to 27.5 percent. These results met the requirements for
AS588 steel.

Charpy V-Notch Impact Tests

Charpy V-notch (CVN) impact tests were conducted on speci-
mens taken at the top, upper-quarter thickness, center, and
bottom of the two pieces of flange plate. Specimens from the
four cores were taken at the upper- and lower-quarter thick-
nesses. The tests were conducted in accordance with ASTM
A370 at discrete temperature levels from —20°F to 100°F.
Results of the tests are plotted in Figure 9. They exhibit
significant variability, even for specimens taken from the same
location. Of the 27 specimens tested at 40°F, only 5 met the
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30 ft-1b minimum requirement of IDOT’s special provisions
(SP-229).

Plane-Strain Fracture Toughness Tests

Fracture toughness tests were conducted in accordance with
ASTM E399, except that a loading rate of about 1 sec to
failure (to represent an intermediate strain rate) was used.
Three full-thickness compact specimens were cut from the
flange plate. The average critical stress intensity factor K at
—20°F was 40 ksi Vin. The test results were valid according to
criteria in E399, except that the fatigue precrack stress inten-
sity of about 27 ksi \ﬂ% was somewhat higher than the allow-
able value of 23.9 ksi Vin.

Additional tests were performed at 40°F on two smaller
half-thickness compact tension specimens machined from the
previously tested full-thickness specimens. The K, values for
these two specimens were about 45 ksi Vin., indicating very
little toughness increase for a 60°F increase in temperature.

Hardness Tests

Rockwell B hardness tests conducted on a through-thickness
section of the flange gave values ranging from 87.5 to 94.5.

Fractographic and Metallographic Analyses

Fractographic and metallographic examinations were con-
ducted to determine the origin and size of the initiating crack
and the extension and characteristics of propagation.

A report by the supplier stated that the fracture began in the
heat-affected zone of the gas-cut edge of the flange plate on
the upstream side of the girder and propagated as a cleavage
crack that appeared to have arrested 0.37 in. from the plate
edge, and then subsequently from the crack arrest region
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across the flange width in a cleavage-fracture mode. Figure 10,
provided by the supplier, shows the fracture surface.

The report by the supplier also indicated that a magnetic
particle examination revealed an additional crack on the
downstream edge of the piece of fractured plate. The crack
was subsequently shown by metallographic examination to be
0.046 in. deep. It was located within the heat-affected zone of
the gas-cut edge on the bottom comer of the plate. The crack
surface, shown in Figure 11, exhibited intergranular cleavage
and ductile tearing fracture characteristics.

ADDITIONAL TESTS OF FLANGE AND
WEB MATERIAL

Because the CVN values for the steel adjacent to the fracture
were low, additional samples were extracted from material
representing each heat of steel used in the fabrication of the tie
girder flanges and webs. All of these tests were conducted by
Materials Research Laboratory, Inc., on behalf of IDOT. Ini-
tially, 4-in.-diameter cores, identified by the prefix M, were
extracted from 16 selected locations. Chemical, tensile, and
CVN impact tests were conducted on specimens machined
from these cores.

Some of the results of the CVN tests exhibited scatter and
thus did not meet the acceptance criteria of Section 22.2.1 of
ASTM 370. Consequently two additional M-type cores were
extracted for testing. Subsequently, additional cores, identified
by the prefix S, were extracted for further material testing.
Locations of all cores, including the four cores near the
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fracture marked U that were initially given to the supplier, are
shown in Figure 12.

Tensile Tests

The results of tensile tests on specimens machined from the
core samples indicated that tensile requirements of ASTM
A-588-77a were met.

Chemical Tests

Results of all tests met the requirements of ASTM A-588-77a.
Carbon and manganese contents of samples from material
furnished by the supplier of the fractured plate ranged from
0.16 to 0.18 percent and from 1.02 to 1.17 percent, respec-
tively. Corresponding carbon and manganese contents of sam-
ples from material by the other supplier were from 0.12 to 0.15
percent and from 0.85 to 0.97 percent, respectively. Other
chemical contents of samples from material furnished by the
supplier of the fractured plates that differed from the samples
of material by the other supplier were as follows: silicon, 0.34
to 0.43 percent compared with 0.23 to 0.27 percent; nickel,
0.22 to 0.25 percent compared with 0.32 to 0.34 percent; and
copper, 0.27 to 0.36 percent compared with 0.22 to 0.27
percent, respectively.

Charpy V-Notch Impact Tests

Specimens were machined from each core, and tests were
conducted in accordance with ASTM A370 at temperatures
ranging from —20° to 70°F. A plot of the results of the Charpy
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tests for three specimens from each of the 2%/4-in.-thick cores
that were tested at 40°F is shown in Figure 13. CVN values
were found to be below the IDOT’s SP-229 requirement of 30
fi-1b at 40°F in specimens from six core locations in the
23/s-in. plate and five locations in the 2!/2-in. plate.

DISCUSSION

The closing of the Siouxland Bridge following the discovery
of the fracture imposed a severe hardship on the neighboring
communities of Sioux City, Iowa, and Sioux City, Nebraska.
The ensuing investigation was carried out expeditiously.

It was immediately evident from the results of the CVN
tests on samples from the 2%/s-in.-thick fractured plate (shown
in Figure 9) that there was highly unusual scatter in the
toughness properties of this material and that the material did
not meet the specified minimum requirement of 30 ft-1b at

40°F. Some of the scatter was related to the position of the test
specimen within the plate. According to the mill report for this
plate, the CVN values at 40°F were 39, 39, and 43 ft-1b. These
observations led to the conclusion that it was necessary to test
representative samples of all the steel in the bridge.

As shown in the plot of CVN values at 40°F for all of the
2%/a-in.-thick flange material in Figure 13, a number of loca-
tions were found where the toughness did not meet the spec-
ified requirement. Locations where 2'/2-in.-thick plates did not
meet the requirement were also found. At this point in the
investigation, an offer was made to IDOT by the supplier of
the fractured plate to replace all flange plates that had been
furnished by the supplier. This offer was accepted. Work to
replace these flange plates was completed in spring 1983.

The metallurgical examinations were not completed until
after work to replace the flange plates was under way. As
described earlier, the examinations indicated that a small
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crack, about 0.37 in. deep, was present in the edge of the
flange plate before the fracture occurred. Some time after this
plate had been painted, the crack propagated in a brittle mode
across the full plate width. Another crack was found, about
0.05 in. deep, in the opposite flame-cut edge of the 5-in.-long
piece of removed flange plate. It is believed that a crack of
about the same depth had existed initially in the edge of the
plate where the fracture occurred.

Alan Pense of Lehigh University provided an explanation
for the initiation of a crack ‘due to flame cutting and its
extension and subsequent arrest. Stress at the tip of a crack
would decrease as the crack propagated out of the zone of high
residual stress that is associated with the martensitic material
produced along the plate edge by the gas-flame-cutting opera-
tion. These residual stresses can be higher than the yield
strength of the base material. Therefore, the crack that caused
the fracture may have propagated in two stages, first during
gas-flame-cutting to a depth of about 0.05 in., and then subse-
quently (possibly during handling) to the depth of 0.37 in.

When there is an edge crack with a depth of 0.37 in., a stress
of about 33 ksi at the crack tip during very cold weather would
induce a fracture under traffic conditions (K, of 40 ksi vin. for
a loading rate of about 1 sec to failure). Pense pointed out that
a dynamic stress at the crack tip of about the same level (not
necessarily during cold weather) could also produce a fracture.
Considering the heavy corrosion associated with the fracture
surface, it is likely that the fracture occurred very early during
the life of the bridge. Cracking under these circumstances may
have occurred during construction if the bridge had been
subjected to an unusual construction loading or during the first
or second winter of usage under conditions of an unusually
heavy traffic loading.

The fracture may not have occurred in a plate with higher
toughness. For example, an increase in K, from 40 to 60 ksi
Vin. would mean that the stress required at the tip of a 0.37-in.-
deep crack to initiate fracture in cold weather would increase
from 33 to 50 ksi, an improbable condition,

REPLACEMENT OF THE FLANGE PLATES

To replace the tie girder flanges, it was necessary to relieve the
bridge dead load. This was accomplished by temporarily sup-
porting the superstructure on falsework erected in the river.
Pilings were driven into the river bottom at four locations to
form bents. Two bents were located beneath the expansion
joints at panel points 4 and 4’. The other bents were located
about 99 ft from the first two, toward each bridge abutment.
Longitudinal and lateral beams were erected on top of the
bents to provide support for the superstructure.

The dead load was relieved by lifting the superstructure
onto temporary support pedestals located under each floor
beam. Lifting was accomplished with hydraulic jacks in a
computer-generated sequence of lift stages. Stresses in the tie
girders were monitored with strain gauge instrumentation.
After being lifted, the bridge was tested under a simulated
traffic loading and then opened to limited traffic.
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The top flange of each tie girder was removed with propane-
fueled cutting torches mounted on girder-connected rails run-
ning the length of the bridge. This arrangement facilitated
accurate cutting of the flange-to-web comnection. The cut
edges of the webs were ground smooth. The replacement
plates were wider than the original plates and were prefabri-
cated with welded side plates located adjacent to the outside
faces of the webs. Holes were drilled in the webs through the
predrilled holes in the side plates. After the drilling, the flanges
were bolted into place. Care was taken to ensure that the
internal hanger diaphragms were in contact with the flange
plates across their full width.

After installation of the top flange plates had been com-
pleted, the bottom flanges were replaced in a similar manner.
A reverse jacking sequence was used to remove the support
pedestals and retransfer the dead load to the tie girders. The
bridge was reopened to normal traffic in May 1983.

SUMMARY

Following the discovery of the fracture in the top flange of the
downstream tie girder in May 1982, examinations of the
fracture surface and tests of the adjacent steel were made by
several parties. The examinations and tests showed that the
fracture originated at the gas-flame-cut edge on the upstream
side of the tie girder. It arrested at least once at a depth of 0.37
in., and possibly earlier at a depth of about 0.05 in., before
propagating in a brittle mode across the flange. The fracture
surface was heavily corroded, indicating that the fracture had
occurred long before its discovery.

The 2%s-in.-thick AS588 steel plate in which the fracture
occurred did not meet the toughness requirements of IDOT
specifications, and test values exhibited an extreme amount of
scatter. Tests on samples of material extracted from other parts
of the girders revealed highly variable toughness values, some
of which did not meet the requirements of the specifications.
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Experimental Study of Washington State
Precast Girders Without End Blocks

UMESH VASISHTH AND RAFIK Y. ITANI

This paper describes the research procedure followed to eliml-
nate the end blocks from simply supported Washlngton Series
14 and 10 girders. Glirders in the former serles have 5-in.
webs, are over 6 ft deep, and can be up to 140 ft long. The
procedure consisted of an analytical study followed by full-
scale testing, the monitoring of a girder in a bridge, and
implementation of the end block removal. A finite-element
analysis was flrst made of girders with and without end
blocks. This was followed by a full-scale test of a 48-ft long,
Series 14 girder manufactured without end blocks. A Series 10
girder was manufactured without end blocks and monitored
In a bridge under actual service. The findings of this research
were implemented by revising the girder standards. This
resulted in about a 7 percent saving in the cost of simple span
girders. A study is under way to see whether the end blocks
can be removed from continuous girders.

An end block is a short section with a thickened web at the end
of a prestressed concrete girder. In a posttensioned girder, the
end block provides room for the bulky anchorage and the
distribution of the prestressing force. All girders are preten-
sioned these days; posttensioned girders are no longer used.
End blocks were eliminated from girders made with the speci-
fications of the American Association of State Highway and
Transportation Officials (AASHTO) with 6- and 8-in. webs.
"Washington series girders have 5-in. webs. The reinforcing
steel becomes congested at the ends of these girders if there
are no end blocks. There was also some concern about the
proper fabrication, transportation, stability, and shear com-
pression capacity of these girders. Series 14 girders can be up
to 140 ft long and have a 6-ft 1!/2-in. depth and 5-in. webs.
Series 10 girders have a 4-ft 10-in. depth and are sometimes
120 ft long.

Researchers estimated that about 7 percent of the cost of
prestressed girders could be reduced if the end blocks were
eliminated. Washington State Department of Transportation
(WSDOT) decided to rescarch whether the end blocks were
necessary for these girders. Research findings show that end
blocks are not necessary for simple span girders.

Phasc 1 of the research project, dealing with simple span
girders, has just been completed. It consisted of a literature
survey, a finite-element study, two full-scale tests, monitoring
of the field performance of a girder without end blocks, and
implementation of the rescarch findings. A sccond phase to

U. Vasishth, Washington State Department of Transportation, Olym-
pia, Wash. 98504. R. Y. Itani, Department of Civil and Environmental
Engineering, Washington State University, Pullman, Wash. 99164.

study the removal of end blocks from continuous girders is
now under way.

BACKGROUND

There have been many studies dealing with prestressed con-
crete girders. Marshall and Mattock (1) were among the first
investigators whose primary goal was to measure stresses in
the end-block region and to study horizontal cracks usually
observed in the end regions. From the results of their field
survey and experiments, they concluded that end blocks are
not necessary and that their presence in pretensioned, pre-
stressed girders does not ensure absence of horizontal cracks.
They pointed out that vertical reinforcement close to the end
face of such girders will ensure satisfactory performance of the
end zones. Furthermore, they suggested that fine, short hori-
zontal cracks will not affect the service performance of the
girders.

Gergely et al. (2) developed a direct method of designing
transverse reinforcement by assuming the initiation of a crack
in the end zones. They determined that for an eccentric load,
the spalling stresses were larger for a rectangular end block
than for an I-shaped one. They also proposed design specifica-
tions that could be applied to the anchorage zone of preten-
sioned members.

In 1965, Arthur and Ganguli (3) conducted experimental
studies and applied to pretensioned beams theories of postten-
sioned beams used in the design of end zones. They examined
the theories of Magnel et al. (an adaptation of Bleich-
Sievers’s theory) and Guyon in their prediction of the vertical
tensile stresses in the end zone at transfer. Arthur and Ganguli
proposed a modification of Magnel’s theory so that it could be
applied to pretensioned beams, and in 1966, Marshall (4)
proposed a modification to Sievers’s approach (5) for deter-
mining maximum tensile stress in the web of a posttensioned
beam so that the approach could be applied to pretensioned
cases.

Hawkins (6) in 1966 suggested that rectangular end blocks
should not be used for I-beams. Gergely and Sozen (7) in 1967
provided a method for designing vertical reinforcement to
restrain longitudinal cracks in the end zones of girders. Their
method was supported by a scries of experimental results that
agreed closcly with their theoretical values.

Krishnamurthy (8) in 1970 developed expressions for
obtaining maximum tensile stress on the end face of the beam
and the stress distribution in the region. In order to reduce
vertical tensile stresses in the end zone and to reduce the
transmission length of prestressing wires, gradual transfer
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should be used in the production of pretensioned beams.
Krishnamurthy’s equation predicted maximum stresses that
compared well with the experimental results by Marshall and
Mattock and those by Arthur and Ganguli.

Sarles and Itani (9) studied anchorage-zone stresses using
linear elastic finite-element models. Their investigations were
related, in particular, to the end blocks of WSDOT Series 10
and 14 girders. The study conclusions were that end blocks
can safely be removed from such girders and that their use
only serves to reduce the congestion of transverse vertical
reinforcement.

The Sarles and Itani study was followed by laboratory and
in-service testing of full-scale girders. The laboratory test
included an evaluation of the performance of a Series 14
girder, whereas the in-service testing concentrated on measur-
ing stresses in a Series 10 girder used in a bridge that was
recently opened for traffic. The Series 10 girder was designed
on the basis of the results of the laboratory test of the Series 14
girder. As mentioned earlier, the results obtained from both
tests are described and presented in this paper.

LABORATORY TEST OF SERIES 14 GIRDER

The first part of the study was intended to establish the ulti-
mate shear capacity of Series 14 girders without end blocks.
Therefore, an attempt was made in the laboratory to cause
shear failure in a 48-ft girder without end blocks. Details of the
girder cross section are shown in Figure 1.

Each end of the girder was provided with a different type of
vertical reinforcement (Figure 2) so that two separate tests
could be conducted. The lightly reinforced end was called the
unmarked end and the other end was referred to as the marked
end. The reinforcement in the unmarked end was chosen to
ensure shear failure whereas the marked end was designed
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FIGURE 1 Cross section of WSDOT
Series 14 girder.
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according to AASHTO specifications and for an ultimate shear
capacity of 400 kips. The WSDOT Series 14 girder is recom-
mended for spans between 100 and 140 ft. The number of
strands and the arrangement and profile of strands selected for
this girder are identical to those used for a 110-ft long girder.
Each of the 38 half-inch strands used (28 straight and 10
harped) was jacked to 28.9 kips.

Instrumentation of the girder consisted of both strain ro-
settes located on the concrete surface and strain gauges on
stirrups and ties within the concrete. The gauges were placed
so that the stress distribution from both prestress transfer and
loading could be determined.

Seventeen SR4 10-mm gauges were placed on seven stir-
rups at each end of the the test girder (Figure 3a and b). The
gauges were located at points where maximum stresses in the
steel stirrups were expected. For the first three stirrups from
the ends, the gauges were placed 8, 22, and 36 in. from the
bottom of the girder. The remainder of the instrumented stir-
rups contained only two gauges each, 8 in. and 36 in. from the
bottom. For the marked end, the instrumented stirrups were
placed 1Y, 6, 12, 22, 38, 70, and 102 in. from the end,
whereas for the unmarked end, the instrumented stirrups were
placed at 2, 6, 10, 22, 42, 74, and 106 in. Six 10-mm gauges
were also mounted on ties confining the straight prestressing
strands. Three instrumented ties in the marked end were
located 2, 10, and 18 in. from the end, and in the unmarked
end they were placed 2, 18, and 42 in. from the end. Reinforc-
ing steel consisted of No. 4, Grade 60 bars.

Because of cost limitations, only the unmarked end of the
girder was instrumented with concrete strain rosettes (Figure
3c). Twelve rectangular rosettes were placed in three rows of
four, at distances of 2, 11, and 20 in. from the end of the girder.
The rosettes were all located on the web region of the girder
10.5, 28.5, 46.5, and 64.5 in. from the bottom, forming a
gridlike pattern.
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The strains were recorded as the detensioning of the strands
began. The only visible results from the prestress transfer test
were two horizontal cracks in the unmarked end of the girder
near the centroid and midway between the centroid and the
bottom flange. These cracks were caused by tensile stresses
resulting from the distribution of the concentrated compressive
stresses at the end of the girder. The cracks were 0.1 and 0.06
mm wide and around 10 and 15 in. long. Because these cracks
were not very long or wide, they were not expected to affect
the performance of the girder under loading conditions and, in
fact, did close. More than 15 girders with end blocks were
inspected at detensioning. All of the girders exhibited cracks
that were longer and wider than those observed in the test
girder.

For the shear tests, the girder was placed on reinforced-
concrete blocks topped with pin supports. On top of the sup-
port at the unmarked end was a 6 X !/ x 20-in. Fabreeka pad,
whereas on the other support was a frictionless Teflon pad,
which caused it to behave like a roller. Therefore, the beam
was simply supported.

The loading was induced by five hydraulic jacks that could
be controlled manually to achieve specified end shears. These
jacks were located closer to the end being tested to keep the
other end from falling, and were also aligned symmetrically to
prevent transverse bending or torsional stresses.

A shear test on the unmarked end was performed first. The
6-in. support was flush with the end of the girder, and the first
100-ton ram was located 10 ft from the end. The rest of the
rams were spaced at 3-ft intervals, alternating between 30 and
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100 tons. An initial load of 0.1 kip was applied to each jack,
which combined with the dead weight of the girder to cause an
initial end shear of 18.1 kips. The load was increased in stages,
with strain readings taken between loadings (Table 1). At end
shears of 44.7, 72.7, 101.0, and 128.5 kips, no changes were
visible except that the cracks caused by the prestress transfer
began to close. The girder sustained an approximate service
load of 156.1 kips without any problems.

TABLE 1 TESTING OF UNMARKED END

Unmarked-

Load End Shear

Stage (kips) Comments

0 18.1 Splitting crack widths 0.004 and 0.0024 in.

1 447 No visible change

2 72.7 Splitting crack widths 0.002 and 0.002 in.

3 101.0 No visible change

4 128.5 Splitting crack widths less than 0.002 in.

5 156.1 Approximate service load; no visible change

6 183.9 Splitting cracks closed; diagonal crack
appeared in bottom flange

7 212.0 Diagonal crack spread through web to
approximately H/2

8 239.3 Diagonal crack grew in length and width; new
crack formed parallel to first one

9 263.1 Girder failed in bearing/compression

Note: 1 in. = 25.4 mm.

The first sign of cracking occurred at an end shear of 183.9
kips when a diagonal crack appeared at the intersection of the
web and bottom flange near the support. At this point, the
shear stress was high because of the abrupt reduction in width
of the cross section, and the longitudinal compression was
reduced by the effect of the applied loads. Therefore max-
imum principal tensile stresses were produced, causing an
inclined crack to form. As the load was increased to 212.0
kips, the diagonal crack extended through the web to a dis-
tance of about 4/2. At 239.3 kips, the first crack continued to
grow and a second crack formed parallel to the first one. As
the load was increased to an end shear of 263.1 kips, the girder
collapsed onto the floor. Although the girder was designed
with a nominal shear of 300 kips, a maximum shear of only
260 kips was reached, which exceeded the ultimate design
volume for many of the girders used. However, the failure was
not caused by shear but rather by crushing of the concrete
between the web and the bottom flange where the bearing area
was not sufficient to carry the high compressive force. After
the two cracks had opened, the load distribution at the edge-
loaded short bearing did not represent actual design condi-
tions. Subsequent to this failure, the beam was lifted and
supported for the marked-end test.

For the marked-end test, the method of support was changed
to simulate actual conditions and prevent failure due to bear-
ing compression. The support width was doubled to 12 in. by
Using two 6-in. supports. A piece of plywood was used
between the beam and the support to provide rotation. The
support was also moved in from the end of the girder so that
the centerline was 12 in. from the end. The girder was loaded
in the same manner as in the unmarked-end test, except that
the end shears were slightly less because of the shorter span
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length. Again, strain readings were taken after each stage of
the loading.

The load was increased from an initial end shear of 17.1
kips to 264.4 kips (Table 2) without any cracks or other
problems. However, at an end shear of 291.7 kips, the reaction
floor of the testing facility began to fail, so the loading was
discontinued. No cracks were noticed.

TABLE 2 TESTING OF MARKED END

Marked-
Load End Shear
Stage (kips) Comments
0 17.1 Begin Test 3.1
1 43.5 No new cracks
2 71.3 No new cracks
3 99.5 No new cracks
4 126.7 No new cracks
5 154.3 No new cracks
6 181.9 No new cracks
7 209.3 No new cracks
8 237.0 No new cracks
9 264.8 No new cracks
10 291.7 Loading discontinued due to hold-down
failure
0 17.2 Begin Test 3.2
11 153.5 No new cracks
12 181.0 No new cracks
13 208.0 No new cracks
14 235.6 Loading discontinued
0 17.3 Begin Test 3.3
15 1523 No new cracks
16 179.5 Hairline diagonal crack
17 206.4 No new cracks
18 233.6 No new cracks
19 245.3 No new cracks
0 173 Cracks due to detensioning closed up

Stresses were computed from the strain readings. Several
assumptions were made for analyzing the stresses. The
researchers assumed that both the steel and the concrete were
stressed within their elastic ranges and that the concrete
remained uncracked. This latter assumption was unrealistic,
and one should view the results of high principal stresses with
caution. Another assumption was that the concrete behaved as
an isotropic and homogeneous material. Because the strains
were measured on an unstressed surface of the girder, a condi-
tion of plane stress existed. The combination of this condition
with the assumption that deformations would be small made
the condition of plane strain also valid. These assumptions
provided the basis for analyzing the concrete stresses using the
mechanics equations associated with linear elastic behavior,
plane stress and strain, and Hooke’s law. The stresses in the
reinforcing steel were calculated by multiplying the strains by
the modules of elasticity of the steel (29 x 106 psi).

FIELD TEST OF SERIES 10 GIRDER

The second phase of the study was to design and monitor the
performance of a girder without end blocks during prestress
transfer and under actual loading conditions. A bridge using
Series 10 girders was selected for this purpose. An interior
girder in one of the end spans was selected. The simply
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supported end of the girder was designed without an end
block. This end was monitored throughout the construction of
the bridge.

Figures 4 and 5 show details of the girder. The particular
end without an end block was provided with stirrup reinforce-
ment similar to that used for the marked end of the girder used
in the laboratory test.

The girder was instrumented with strain gauges on the
reinforcing stirrups and strain rosettes on the surface of the
concrete. Eight stirrups were instrumented, with the gauges
located at points where cracks were most likely to develop
(Figure 6). The first two stirrups, 1!/2 and 5!/2 in. from the end,
each carried four strain gauges. The third, at 91/2 in., had three
gauges, whereas the remainder, located at 15'/2, 43'/2, 63'/2,
and 91!/2 in., each had two gauges. The gauges near the end
were for determining the stresses induced by prestress transfer,
whereas the gauges starting 43'/2 in. from the end were
provided mainly for monitoring the tensile stresses induced by
shear.
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Strain rosettes were installed on the surface of the concrete
(Figure 7) before the prestressed strands were detensioned.
Readings were taken during detensioning and after completion
of the prestress transfer.

Approximately 28 days later the girder was transported to
its proper location. Strain gauge readings were recorded after
the 7'/2-in. concrete slab was placed. The resulting stresses
were the most critical when the slab concrete was still wet.
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FIGURE 7 Locations of rosettes
on concrete.

After the slab was cast, the final test was to place a known
live load on the bridge and record the strains. The vehicle used
for this purpose consisted of a cab and trailer on five axles.
One axle was located under the cab and two sets of axles were
under each end of the trailer. The spacing between the axles
was 14.6, 4.3, 22, and 4.3 ft. The truck was weighed, and the
gross vehicle weight was determined to be 78.6 kips. Each of
the back axles weighed 17.1 kips, with the axle under the cab
weighing 10.2 kips. The first strain reading was taken with the
rear axle of the truck located directly over the end of the girder
without an end block. This reading was followed by ones in
which the axle was 5, 10, 25, 50, and 75 ft from that end.
Strain readings were also taken with the rear axle of the truck
located 10 and 5 ft from the opposite end of the girder, as well
as 5, 10, and 25 ft from the end of the adjacent continuous
span.

DATA REDUCTION

The collection of data from the strain gauges began during
detensioning. The only noticeable effect during the prestress
transfer was that the girder cambered upward, with a max-
imum deflection of 1 in. at the midspan. Also, a slight crack
formed near the centroid of the girder end. With a length of
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only 13 cm and a width of 0.1 mm, the crack would not have
been detrimental to the service load capacity of the girder.

The stresses in the steel and the concrete were computed
from strain data recorded by methods similar to those used in
the laboratory tests. The modules of elasticity for concrete
were obtained by using the following equation:

E, =33wl5 (f,/ )t

where w was the weight of the concrete, assumed to be 155
pef, and ()t was the compressive strength at the the time of
interest. Poisson’s ratio was assumed to be 0.2.

The strain readings recorded after the roadway slab was
placed were increased by 6 percent because the zero reading
was taken when the steel was already in place.

These stress values were obtained only for the slab load and
were later combined with the stresses obtained after the pres-
tress transfer. When these two stresses were superimposed, the
latter was reduced by 25 percent to account for a loss in
prestress due to creep and shrinkage of the concrete and
relaxation of the prestressing steel. The strains recorded for the
truck load test were very small.

RESULTS

The stresses computed for the laboratory test and the field test
were compared with the appropriate AASHTO specifications
for limited stresses in concrete and steel.

The variation of maximum tensile stress in the stirrups
versus their distance from the end of the girder in the labora-
tory test is shown in Figure 8 for the marked end of the girder.
The plot for the unmarked end showed a maximum stress of
around 22,000 psi at the end, which decreased to zero at the
approximate transfer length. The plot of the marked end indi-
cates that the tensile stress was much less at that end of the
girder, around 15,000 psi. However, it did not follow the same
pattern as that of the unmarked end, perhaps because of the
heavy vertical reinforcement.
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FIGURE 8 Stirrup stresses in marked end
caused by prestress transfer.
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During the shear test of the unmarked end, high tensile
stresses were recorded for gauges 106, 109, 111, and 114 at an
end shear of 239.3 kips, the final reading before failure. These
agreed well with the locations of the cracks that formed
(Figure 3 and Table 3). A compressive stress of around 35 ksi
was indicated by the gauges located closest to the lower corner
of the girder. This high stress confirmed that failure of the
unmarked end was caused by the concrete at the support.

The shear test of the marked end did not produce any
critical stresses in the end region of the girder (Figure 3 and
Table 4). Only Gauge 121 measured tensile stress, which was
well within the allowable tensile stress for the service load
design of 24,000 psi for Grade 60 reinforcement. The rest of
the gauges measured compressive stresses that were well
above the support, but not of critical magnitude.

During the prestress transfer, the highest tensile and com-
pressive principal stresses in the concrete were located near
the bottom flange and slightly in from the end of the girder
(Figure 9). (Unreliable stress values are indicated in Figures
9-12 by an asterisk.) These stresses were probably the com-
bined result of bursting stresses produced by the straight pre-
stressing strands and compressive stresses produced by the
vertical reaction from the dead load of the girder. The magni-
tude of the compressive stress was well within the allowable
limit (3,249 psi); however, the tensile stress exceeded the
allowable limit (552 psi) by almost 800 percent. With that
much stress, a microcrack forms, and the bonded steel rein-
forcement takes up the tensile stresses. Computations of
stresses in the concrete became meaningless.

Figure 10 shows the principal stresses induced by the final
stage of loading before the unmarked end of the girder failed.
Tensile and compressive stresses exceeding their allowable
values (557 and 3,249 psi) were indicated by the two gauges
located near the bottom flange of the girder. The high principal
compressive stress above the support again confirmed that
failure of the unmarked end was caused by the crushing of the
concrete in this area.

Finally, stresses caused by prestress transfer and the stresses
at a simulated maximum service load shear of 156.1 kips were
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superimposed to give the principal stresses. The only principal
stress that exceeded the allowable value was the tensile stress
of 2,687 psi. However, this did not take into account losses due
to creep and shrinkage of the concrete, or relaxation of the
prestressing strands. Because the total losses were assumed to
be 25 percent of the initial stresses, the horizontal, vertical,
and shearing stresses (x, y, and xy) during the prestress transfer
were reduced accordingly. These were again combined with
the service load stresses to produce the principal stresses
shown in Figure 11. This caused the highest principal tensile
stress to decrease to 1,687 psi. Although it still exceeded the
allowable value, this stress was greatly reduced from its initial

TABLE 3 STRESSES IN STIRRUPS DURING UNMARKED-END TEST

Stress (psi) by End Shear (kips)

Gauge 18.1 44.7 727 101.0 128.5 156.1 183.9 212.0 2393

100 0 -3,538 -7,308 -11,165 -15,254 —-19,720 -30,305 —40,339 —54,549
101 29 -3,161 -7,540 —-10,556 -13,311 —-15,660 -19,720 -22,707 —-25,781
1028e = o — - » & = — .
103 87 -3,552 -5,278 -7,946 -10,614 —12,644 -16,530 —20,445 -25,230
104 0 -3,538 -7,482 -10,005 -12,122 -13,978 =17,225 -19,633 —22,069
105 58 -2,813 -6,612 =9,715 -12,093 —14,065 -17,110 —18,966 -20,735
106 29 -1,624 -2,929 -3,886 —-4,524 —-3,248 -5,394 10,266 10,382
107 29 =2,233 —4,872 —-6,554 -8,149 -9,454 -11,745 -13,137 —14,442
108 29 -1,798 -4,524 —-6,873 -8,584 -9,860 -11,890 =13,311 —-14,442
109 0 -2,610 1,305 —-4,350 -1,305 435 11,774 27,492 55,419
110 87 —-841 -1,914 -2,956 -3,451 =3,799 —-4,031 -3,712 -3,393
111 0 -203 —-145 —-145 -116 203 58 203 25,143
112 29 -203 -261 -522 =551 -174 —696 —464 696
113 29 -261 -145 =371 —464 —-406 —406 —-406 =377
114 29 -116 0 -87 -29 145 145 10,034 35,409
115 928 783 6,815 4,582 4,350 8,249 2,291 1,537 5,974
116 58 -203 -116 -145 -203 -145 —464 —406 2,958

ANot functioning.
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TABLE 4 STRESSES IN STIRRUPS DURING MARKED-END TEST
Stress (psi) by End Shear (kips)

Gauge 17.1 434 71.3 99.5 126.7 154.3 181.9 109.3 237.0 264.8 291.7
117 -58 -522 —638 -551 =725 —667 -812 ~696 -580 -1,160 —667
118 29 0 0 0 -174 -145 -116 -145 -116 -261 -551
119 0 0 -145 -203 —-435 -522 -522 —-638 -609 -5,220 -580
120 0 0 0 0 0 0 0 0 0 0 29
121 0 174 0 0 -174 -116 0 145 290 377 725
122 -58 0 -232 -435 -696 -783 -783 -986  -1,044 -1,131 -1,131
123 0 —-580 —-1,769 -3,074 —4,727 -6,003 -8,207 -7,859 -8,671 -9,570 -1,044
1248 = = = - = = - - - - =
1254 - - - - - - - - - - -
126 0 -1479 -3,509 -5,075 —-6,641 -7,540 —-8,460 -8,512 -10353 -11,368 -12,470
127 -29 -406 -1,044 -1,769 ~2,668 -3,219 -3,886 —4,437 —4,959 -5,597 -6,380
128 -29 -1,769 —-4,321 —-6,090 -1917 -9,077 -10,498 -11,774 -1305 -14,297 -16,240
129 0 -1421 -3,741 -5,684 -7,511 -8,044 -9,396 -10,556 -11,571 -12,702 -14,036
1302 0 0 0 0 0 0 0 0 0 0 0
131 -58 -1,856 —-4,437 -6,119 -7,424 -8,625 -9,280 -10,237 -11,049 -12,064 -13,311
132 -29 -1,450 -3,828 -5,771 -7,453 -8,613 -9918 -11,136 -11,716 -13,166 —14,500
133 -116 -1,102 -2,552 -3,915 ~5,452 —-6,264 -7,395 -8,352 -8,961 -9,918 -10,904
ANot functioning.
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FIGURE 10 Principal stresses in concrete
caused by a shear of 260 kips (asterisk indicates
unreliable value).

value after detensioning of 4,201 psi. A tensile stress of this
magnitude indicates that a crack has probably formed and that
the bonded steel reinforcement is being stressed.

The highest stress in the steel stirrups was 13.5 kips for the
field test girder. The highest stress was located in the stirrup
closest to the end face of the girder and decreased to a
minimum at a distance approximately equal to the transfer
length from the end of the girder. A maximum stress of around
15,000 psi was recorded when the girder was picked up;
however, this was well within allowable limits, and it also
decreased when the girder was placed on supports.

The principal stresses due to prestress transfer and their
orientations were recorded at the end of the girder. Many of

FIGURE 11 Principal stresses in concrete caused
by superposition of prestress transfer and service
load with reduction for losses.

the principal tensile stresses exceeded the allowable value.
This was the result of microcracks forming in the concrete
because of tensile stresses. However, visual inspection of the
end of the girder indicated no visible cracks in these areas. The
principal compressive stresses were well within the allowable
limit, indicating that the end of the girder was capable of
handling the transfer of prestress effectively, without the need
for an end block.The principal stresses induced by the addition
of the slab were rather small, except at three of the gauges.
The high compressive stresses are probably caused by the
reaction of the bearing, which was 13 in. wide, with the
centerline located 15 in. from the end of the girder. However,
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these stresses did not represent the actual condition. To get an
idea of the actual stress condition, it was necessary to combine
these stresses and the stresses at prestress transfer.

Figure 12 shows the principal stresses due to a combination
of prestress transfer stresses and stresses from the addition of
the roadway slab. The principal stresses in Figure 12 are
adjusted for a 25 percent loss in prestressing. A comparison of
these with the AASHTO allowable stresses of 3,112 psi com-
pression and 529 psi tension revealed that a few of the stresses
exceeded the limits. Accotding to Lin (10), the compressive
stresses on which the girder design is based are horizontal
stresses, although the principal compressive stresses at that
point are somewhat greater in magnitude. Whenever the prin-
cipal tensile stress indicated by the rosette gauge was greater
than 1,058 psi [= 12 (fc’)1/2], a surface tension crack probably
existed under the strain gauge. In such a case both the princi-
pal stresses, tension and compression, obtained from that rose-
tte gauge were unreliable. The tensile stresses that exceeded
the allowable value are not critical because when the concrete
cracks, the tensile force is transferred to the stirrups.
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FIGURE 12 Principal stresses caused by
superpositlon of prestress transfer and slab
stresses with reduction for losses for Serles 10
girder (asterisk indicates unreliable value).

The strains recorded for the truck loading on the girder were
rather small. Strain gauges mounted on the stirrups indicated
strains in the steel ranging from +10 microstrains to 0.35
microstrain, with 70 percent indicating compression (—). This
converts to a range in stress from 290 psi tension to 1,015 psi
compression for the stirrups.

Similarly, the strains indicated by the rosettes on the con-
crete ranged from a maximum tensile strain of +20 micro-
strains to a maximum compressive strain of 0.12 microstrain.
Conversion of the strains into principal stresses produced
values ranging from 183.9 psi in tension to 98.1 psi in com-
pression; both extremes occurred when the rear of the truck
was located at or near the end of the girder.
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CONCLUSION

The results of the ultimate load test indicated that the modified
ends perform effectively under both prestress transfer and
service load conditions. The vertical stirrup reinforcement
designed according to AASHTO shear and anchorage-zone
requirements is an effective replacement for end blocks. The
ties and longitudinal reinforcement are not affected by the
change, and are therefore provided according to standard
practice.

Production of the Series 10 and 14 girders for this project
proved that steel placement and compaction of concrete in the
end regions were possible with a 5-in. web.

Of interest to this project is the investigation of horizontal
cracking in the end regions of WSDOT series girders. The
perception that end blocks reduce horizontal cracking caused
by detensioning of the prestressing sirands is incorrect.
However, examination of a random sample of approximately
15 Series 10 and 14 girders with end blocks showed that the
end regions of all the girders contained as many as two to five
cracks, with widths ranging from 0.2 to 0.3 mm (0.008 to
0.012 in.). The Series 10 and 14 girders without end blocks
each had only one or two cracks 0.1 mm wide (0.004 in.) or
less. Therefore, the modified design is effective in reducing the
creation of cracks during prestressed transfer.

Finally, the removal of end blocks from WSDOT’s simple
span, pretensioned concrete girder series is not only possible
and desirable but also economical, and would result in thou-
sands of dollars in savings each year.

IMPLEMENTATION

As a result of this research project, end blocks have been
eliminated in simple span, prestressed concrete girders and at
the free end of continuous girders. Details of the reinforcing
steel in the current, standard WSDOT Series 14 girder are
similar to those used for the test girders.

FUTURE RESEARCH

A research project to determine whether the end blocks from
continuous girders can be eliminated is currently under way. A
full-scale specimen has been tested to a force of 500 kips. The
results are not yet available.
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Seismic Design of High-Strength-Concrete
Bridge Piers and Columns

ROBERT L. CHEN AND JOHN A. VAN LUND

The structural design applications and mechanical properties
of high-strength concrete (HSC) are briefly reviewed. Analyti-
cal deslgn studies of reinforced HSC bridge piers and columns
subjected to static and seismic loadings are presented. Flexible
and rigid foundation systems are incorporated into the anal-
ysis. The results of this study show that the use of HSC will
reduce column size and stiffness. As the columns become more
flexible, seismic shears and moments are reduced. Cost esti-
mates show that the use of HSC with minimum reinforcing
steel provides the most economical solution for bridge piers
and columns. Economy Is also achieved because smaller foun-
dations can be used.

The production and placement of high-strength concrete
(HSC) in either precast or cast-in-place (CIP) construction
using conventional materials and methods with close coopera-
tion among the engineer, contractor, concrete producer, and
testing agency are technically and economically feasible
(1-16).

HSC with a 28-day uniaxial compressive strength, fc, of
6,000 to 14,000 psi (41.4 to 96.6 MPa) is rapidly gaining
acceptance in building design in the United States. When used
in buildings, the number of columns and their sizes can be
reduced, resulting in two economic advantages to the building
owner: (a) more space to lease and (b) lower construction costs
(1-3). If HSC can be produced and placed by the building
construction industry, the bridge construction industry should
be able to do the same.

With some exceptions, bridge designers in the United States
have been slow to accept HSC and are still specifying
strengths of 3,000 and 4,000 psi (20.7 and 27.6 MPa) for
concrete. Normal-strength concrete (NSC) has a 28-day com-
pressive strength ranging from 3,000 to 6,000 psi.

Nearly 20 years ago, HSC with a strength of 6,000 psi was
used in the on-site fabrication of the precast posttensioned
concrete T-beams used for the Willows Bridge in Toronto,
Ontario, Canada (4).

In today’s precast prestressed concrete industry, bridge
girders can be produced utilizing HSC under manufacturing
plant conditions. In the Pacific Northwest, precast prestressed
concrete bridge girders with strengths as high as 7,000 and
9,000 psi (48.3 and 62.1 MPa) have been used (5, 6). The
majority of precast prestressed girder bridges designed by the
Washington State Department of Transportation (WSDOT)
have concrete with a 28-day strength of 6,000 psi, with 5,000
psi (34.5 MPa) permitted at the strand release. On the Pasco-

Washington State Department of Transportation, Transportation
Building, Olympia, Wash. 98504.

Kennewick cable-stayed bridge over the Columbia River in
eastern Washington, the precast prestressed girder segments
had an average 28-day strength of 7,500 psi (51.7 MPa) based
on a specified 6,000-psi design mix (7).

The current upper limit for CIP concrete in U.S. bridge
construction appears to be 6,000 psi. Concrete with this
strength has been used successfully on several major bridge
projects to reduce the size and weight of structural elements.
On the Houston Ship Channel bridge, the subcontractor sub-
stituted 5,500-psi (37.9-MPa) concrete for the pier con-
struction and 6,000-psi concrete for the CIP posttensioned box
girders. Originally, concrete with a strength of 3,600 psi (24.8
MPa) had been specified for the substructure and concrete
with a strength of 5,000 psi for the superstructure (8). On the
East Huntington cable-stayed bridge over the Ohio River,
concrete with a 28-day strength of 8,000 psi (55.2 MPa) was
specified for the precast hybrid concrete-and-steel deck seg-
ments and 6,000 psi for the CIP “wishbone” tower (9, 10).

In 1979, FHWA, through the U.S. Department of Transpor-
tation, authorized a study, Applications of High Strength Con-
crete for Highway Bridges (11, 12). This study explored the
potential for using HSC in precast prestressed girder beams,
bulb-tees, posttensioned box girders, segmentally postten-
sioned box girders, compression members, and thin-walled
precast plate elements. In addition, a square hollow pier was
tested. The study concluded that HSC permitted the use of
longer spans, reduced dead loads, and provided higher load
capacities.

Society expects aesthetically pleasing and durable structures
that combine strength with simplicity for the least cost. Fur-
thermore, these structures should be relatively maintenance
free. HSC will satisfy these needs. Would the use of HSC in
bridge construction result in more economical bridge struc-
tures? This paper examines one aspect of that question, the
design of bridge piers and columns subject to static and seis-
mic loadings.

MECHANICAL PROPERTIES OF HSC

Some of the mechanical properties of HSC are different from
those of NSC. A brief summary follows.

Stress-Strain Behavior

As shown in Figure 1, the slope of the ascending part of the
stress-strain curve is more linear and steeper up to a higher
stress/strength ratio, the strain at maximum stress level is



50

70 ¢ 14
Grade 60 Reinforcing Steel
60 | 12
High Strength Concrete
50 10 + (HSC)
40 8t
£s £
(ksi) (ksi)
30 6
20 | qr
10 | 2k
Normal Strength Concrete
(NSC}
oL 0 L 1
0.002 0.004 L0086
Strain

FIGURE 1 Stress-strain curves for steel reinforcement and
concrete.

higher, and the slope of the descending portion of the curve is
steeper when compared with the curve for NSC (13, 16-18).

Poisson’s Ratio

The value of Poisson’s ratio is in the range of 0.20 to 0.28 for
normal-weight HSC; it is independent of compressive

strength, coarse aggregate size, and age of specimen
(3, 16, 19).

Static Modulus of Elasticity

For concrete with a dry unit weight of 145 1b/ft3 (2320 kg/m?),
the 1983 ACI Building Code (ACI 318-83) recommends the
following equation for predicting the static modulus of elas-
ticity of concrete (20):

Ec =33w!S(Fc)®5 or 57,000(7c)®5 (psi) (1)

For other dry unit weights, Equation 1 can be used in the
following form:

Ec = 57,000(f'c)%3 (w/145)13 ®))

For concrete with compressive strengths over 6,000 psi, this
equation overestimates the value of Ec by as much as 15
percent.

For concrete with a dry unit weight of 145 1b/ft® and a
compressive strength over 3,000 psi and less than 12,000 psi
(82.8 MPa), a better correlation can be obtained from the
following expression (13):

Ec = [40,000(f’¢)®> + 1.0 x 10°](w/145)1-> (3)

Equation 3 is valid for lightweight concrete, 90 to 145 Ib/ft®
(1440 to 2320 kg/m>), when the compressive strength is
between 3,000 and 9,000 psi.

Other empirical equations for predicting the modulus of
elasticity are (27)

Ec = w2.5 (fic)0.325 (pSi) (4)
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Ec = 21.55w3(fc)%5  (psi) 5)

Tensile Strength

For concrete with a compressive strength between 3,000 and
12,000 psi, ACI Committee 363 recommends the following
empirical equations to predict the average modulus of rupture
(f’r) and tensile splitting strength (f'sp) (17):

frr=117(fc)* (psi) ©6)
f'sp=T4(c)*°  (psi) Q)

Other empirical expressions that give lower tensile strengths
than those proposed by ACI Committee 363 are (I8, 21)

fir=230("c)y*? (psi) ®
f'sp = 434(f'c)*55  (psi) )

Effects of Confinement Reinforcement

Transverse reinforcing steel places lateral confining pressure
on the concrete core, which is in a state of triaxial stress. This
increases the axial strength and strain capacity of the concrete,
causing the column to exhibit a ductile, post-peak-strength
behavior. Therefore, HSC columns, together with adequate
reinforcing steel, can withstand seismic forces.

For normal-weight HSC, the axial strength of a confined
column can be determined from the following expression (17):

f’c=fc+8.0Asp x fsp(1 — SID)/SD (10)
where
¢ = compressive strength of confined column,
f'c = compressive strength of unconfined column,
Asp = area of confinement reinforcement,
fsp = actual stress in confinement reinforcement at
maximum load,
§ = spacing of confinement reinforcement, and
D = core diameter of column.

ANALYTICAL DESIGN STUDY
Slenderness Effects

A state-of-the-art survey conducted by Poston et al.. (22)
indicated that multiple-pier bents accounted for 83 percent of
the bridge piers used and single-pier bents accounted for 17
percent. The use of solid cross sections was much more preva-
lent than hollow cross sections. However, the study found that
the use of hollow cross sections increased dramatically with
height (22). The use of HSC in lieu of NSC will reduce the
column cross section and stiffness. The magnification of
moment due to this increase in slendemess for compression
members not braced against sidesway must be considered in
the desi gn. When the slenderness ratio, //r, exceeds 100, both
the AASHTO Specifications (23) and the ACI Building Code
318-83 (20, 24) recommend a second-order frame analysis
that considers sidesway, nonlinear effects due to cross-section
cracking, creep, and stress-strain behavior of the concrete.
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Note that the significantly lower creep coefficient and in-
creased modulus of elasticity of HSC will affect the value of
the effective flexural rigidity, EI.

HSC Column Deslgn
Static Analysis

As shown in Table 1, the axial load capacity for a column with
a constant cross section can be increased twofold or more
when the concrete compressive strength is increased from
4,000 to 12,000 psi, depending on the slenderness ratio.

For the column subjected to axial load and biaxial bending,
increases in the bending moments are possible with HSC. As
the interaction diagram in Figure 2 shows for an axial load of
1,620 kips (7,205 kN) on a 5- by 7-ft (1.5- by 2.1-m) cross
section, the nominal transverse moment capacity increases 20
percent and the nominal longitudinal moment capacity in-
creases 10 percent. These increases occur when the concrete
compressive strength is increased from 4,000 to 12,000 psi.

When slenderness effects are considered, the use of HSC is
beneficial. Figure 3 shows the interaction diagram for a 6- by
6-ft (1.8- by 1.8-m) column using NSC with f’c = 4,000 psi
and HSC with f'c = 12,000 psi for various slenderness ratios.
This illustrates that compression members are an excellent
application for HSC. Smaller cross sections can be used for a
given member, or fewer members can be used. In addition to
weight, material costs are reduced.
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Seismic Analysis

The bridge shown in Figure 4 was subjected to seismic motion
to study the effects of using HSC in the columns. Concrete
compressive strengths ranged from 4,000 to 12,000 psi, with
data obtained at every 2,000-psi (18.3-MPa) interval. The
column cross sections corresponding to the appropriate value
of concrete compressive strength are shown in the lower part
of Figure 4 and in Figure 5.

A three-dimensional response spectrum analysis using the
computer program SEISAB (Seismic Analysis of Bridges) was
performed for each column cross section and compressive
strength to obtain the overall response of the structure.
SEISAB contains both single-mode and multimodal response
spectrum techniques and includes a linear transient analysis
capability (25). To understand the influence that the founda-
tion type has on the overall response of the structure, flexible
(vertical-pile) and rigid (battered-pile or drilled-shaft) founda-
tion systems were modeled by introducing low and high foun-
dation spring constants into the analysis. The unreduced
ground response spectrum used in the analysis is shown in
Figure 6.

Vibration Characteristics

A comparison of the vibration characteristics of the bridge
structure for the different column concrete strengths is shown

TABLE 1 AXIAL LOAD CAPACITY FOR 5 x 7-FT RECTANGULAR

PIER
Slenderness Concrete e=0 e=0,1D* e=0.2D*%
Ratio, 1l/r Strength

(ksi) P/P4 P/P4 P/P4

4 1.00 1.00 1.00

0 8 1.88 1.85 1.80

12 2.76 2.65 2.60

4 1.00 1.00 1.00

50 8 1.85 1.81 L; 72

12 2.68 2.65 2.50

4 1.00 1.00 1.00

100 8 L. 75 1.60 1.40

12 2.43 2.25 2.05

Note:

P4 = Axial load capacity of pier with 4,000 psi concrete compressive

strength and 32-#11 reinforcing bars

$ factor = 0.90-0.2 P,/0.lAgf'c

* = eccentricity in the weak direction
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FIGURE 2 Biaxial bending on pier: (a) interaction diagram; (b)
moment contour at axial load of 1,620 Kips.

in Figure 7. As the column strength increases, the natural
period of the structure increases and the Elastic Seismic Re-
sponse Coefficient (ESRC) decreases. ESRC is commonly
thought of as the ratio of transverse inertia force to static dead
load and is used as a comparison with other bridges with
similar characteristics that have been previously analyzed.

The ESRC is lower for the bridge with a flexible foundation
than for the one supported by a rigid foundation. The flexible
foundation system effectively lengthens the columns of
bridges supported by such a foundation system.

Displacement

A comparison of the Complete Quadratic Combination (CQC)
displacements at the top of Pier 4 for the different concrete
strengths is shown in Figure 8. The data presented show that
higher displacements result when the concrete strength of the
columns is increased. As expected, the displacement at the top
of the column supported by the flexible foundation exceeds the
displacement when a rigid foundation is used. The higher
values of the displacement for slender columns with a flexible

foundation imply that the moment magnifier for these columns
will be increased.

Forces and Moments for Columns and Foundations

Figure 9 shows how the shears and moments at the top of Pier
4 vary as the concrete strength is increased. The reduction is
much higher for the rigid foundation system than for the
flexible foundation system. When a comparison is made be-
tween the flexible and the rigid foundation systems, the shears
and moments of the flexible foundation system are much less
than those of the rigid foundation system. This is because the
flexible foundation provides less stiffness to the columns and
overall system than the rigid foundation; consequently, less
inertial force is attracted to these flexible columns. However,
as the concrete strength approaches 12,000 psi, it appears that
the foundation stiffness makes less difference in the top of
column shears and moments.

Bending deformations in rigid foundation systems will gen-
erate high reaction force. Figure 10 shows that the reduction in
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FIGURE 3 Interaction dlagram for 6- by 6-ft (1.8- by
1.8-m) column.

the seismically induced axial force at the top of the pile is
much greater for the rigid foundation system when compared
with that for the more flexible foundation system. This is due
to the transmission of lower foundation forces and bending
moments from the flexible columns. On the other hand, the
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large relative lateral displacements of the flexible foundation
system induce high bending moments at the top of the piles.

Economic Considerations

The current economic situation places increasing pressure on
designers to use stronger materials. In most concrete struc-
tures, the cost of materials amounts to a small percentage of
the total cost. To examine the savings of using HSC over NSC,
cost estimates for the columns of the bridge shown in Figure 4
were computed and are shown in Figure 11. The column
dimensions and concrete strengths used are those shown in the
lower part of Figure 4. Longitudinal steel varied from 1 to 4
percent. Typical material costs for comparison purposes are as
follows (1):

Unit Price
0.40 (or $800/ton)

Description

Reinforcing steel ($/1b)
Concrete ($/yd3)

4,000 psi 45
6,000 psi 59
8,000 psi (1) 82
10,000 psi 102
12,000 psi 124
14,000 psi (7) 145
Formwork ($/t2) 3

For the rigid foundation system and using Figure 11, the
cost per foot for the 5-ft by 7-ft 4,000-psi cross section with 48
No. 11 reinforcing bars (1.5 percent) is $285/ft and for the 3-
by 4-ft (0.9- by 1.2-m) column cross section using 12,000-psi
concrete with 28 No. 11 reinforcing bars (2.5 percent) is $190/
ft. The difference is $95/ft, for a 33 percent savings in material
cost. As shown, the use of HSC is more cost-effective in piers
and columns with the smallest cross-sectional area and mini-
mum reinforcing steel.

span | _134'-3'/2" | 210'-0 _,  246'-0" _, 242'-2%/2% 242'-8/2" _ 139-9/pv
e e
E Fin
E 1B nF F F
+ ” . /Ground
= | o .I.l
FIRM STRATUM
PIER
1 2 3 4 5 6 7
Transverse
| Strength Dimension
'-u—l—-—' fic a b
(ksi) (ft) | (fE)
] 4 5.0 | 7.0
- _!_- —|b— Longitudinal g g‘g g:g
(B 10 3.2 | 4.5
: 12 3.0 | 4.0

Reinforcing Steel

FIGURE 4 Top: Elevation of bridge used in seismic analysis. Bottom: Pier cross-
section dimensions and concrete compressive strength used in seismic analysls.
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FIGURE 6 Response spectrum.

CONCLUSIONS AND
RECOMMENDATIONS

The use of HSC in bridge piers and columns supported by
rigid foundation systems can potentially reduce column shears
and moments due to seismic loading. Savings of up to 33
percent in the material cost of the piers may be possible when
HSC is used in lieu of NSC. Additional economy is achieved
because smaller bearings and foundations can be used.

For piers and columns that are supported by flexible founda-
tion systems, HSC will not reduce column shears and mo-
ments due to seismic loading as much as rigid foundation
systems. However, cost savings will still be possible because
less material is required in the columns.

Because foundations represent a significant portion of the
cost of a bridge, greater savings can be realized by using HSC
in the piers and columns of bridges supported by rigid founda-
tions instead of in those supported by flexible foundations.

Additional research and small-scale testing should be con-
ducted to further study the behavior of HSC used in slender
columns on rigid and flexible foundation systems when sub-
jected to seismic motion and subsequent cost savings.
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Beam Models for Nonlinear and Time-
Dependent Analysis of Curved Prestressed

Box Girder Bridges

ANTONIO R. MAR{, SERGIO CARRASCON, AND ANGEL LOPEZ

Two analytical models developed to study the structural
response of curved prestressed concrete box girder bridges
are presented. The first one consists of a filament beam model,
with arbitrary longitudinal and sectional geometry. Concrete
and steel are assumed to be subjected to a uniaxial stress state.
Material nonlinearities such as cracking of concrete, yielding
of steel, and so forth are taken into account. Flexural and
torsional behaviers are consldered uncoupled. Time-depen-
dent effects due to load history, creep, shrinkage, and aging of
concrete and relaxation of prestressing steel are also included.
In the second approach, a box-beam straight element of non-
deformable cross section composed of concrete panels with
steel layers is used to model the bridge. Concrete is assumed to
be subjected to a biaxial stress state. Material nonlinearities
are also considered. Longitudinal and transverse prestressing
can be included. Coupling between flexural, torsional, and
shear response of the cross section is considered. A curved
prestressed box girder bridge constructed in Spain is analyzed
by the two models presented under different loading condi-
tions. Short-term analyses with increasing overload to failure
demonstrate the applicability of the uncoupled model when
either bending or torsion is dominant, whereas for other cases
coupling is necessary to accurately predict the structural
response. A time-dependent analysis under permanent loads
is made, followed by a long-term overload analysis showing
the effects of time In the structural response. The influence of
transverse prestressing on the structural behavior is also
studied.

In recent years reinforced and prestressed concrete curved box
girder bridges have been widely used for overcrossings and
viaducts. Characteristic features that have made box girders an
attractive alternative for bridge designers include their struc-
tural efficiency (high flexural and torsional stiffness combined
with light weight) and their pleasing aesthetic qualities (the
clean lines of the closed section and the ability to use single,
slender piers as supports).

Present and past designs of box girder bridges have usually
been based on linear elastic analysis using simplified models
of uncracked, homogeneous systems. These modecls are able to
predict adequately Lhe behavior of prestressed concrete bridges
at service load levels. However, if such a structure is loaded
beyond the working stress range, excessive cracking of the
concrete and eventual yielding of the reinforcement no longer
justify the use of linear elastic models.

In addition, bending and torsional moments in curved
bridges are coupled, which means that the bending moment

Universitat Polit¢cnica de Catalunya, Barcelona, Spain.

and torque cannot be obtained separately. When a section
subjected to combined actions cracks, its stiffness decreases
significantly. Generally the loss of torsional stiffness is propor-
tionally greater than the loss of flexural stiffness, so the struc-
tural response under increasing load will be nonlinear after
cracking.

In curved prestressed concrete bridges over simple inter-
mediate supports, very high torsional moments are originated,
particularly under certain loading cases (if only the exterior
lanes are loaded). The longitudinal prestressing designed to
prevent flexural cracking at service load levels may not be
sufficient to avoid cracking caused by torsion, so the girder
flanges are usually prestressed transversely. Such prestressing
will influence the torsional response and therefore the overall
structural behavior.

Time-dependent effects such as creep and shrinkage of
concrete and relaxation of prestressing steel may change the
prestressing force of the tendons as well as the stresses and
strains of concrete and steel. Consequently the structural
response under increasing load up to failure will depend, to a
certain extent, on the load history.

It is evident that a complete understanding of such complex
structural behavior requires an important effort from the
experimental and theoretical viewpoints. In this paper, two
mathematical models developed by the authors (4, 2) for the
nonlinear analysis of reinforced and prestressed concrete
curved box girder bridges are briefly described. The paper will
focus particularly on the structural response of a curved pre-
stressed box girder bridge, drawing conclusions regarding the
behavior of such structures and the applicability of the pro-
posed analytical models.

DESCRIPTION OF ANALYTICAL MODELS

General Remarks: Common Assumptions

The behavior of single box girder bridges can be reasonably
simulated by means of beam theory when the ratio of span to
cell width is greater than approximately 5. In such a range of
span—cell-width ratio, the influence of transverse distortion
and warping of the cross section on the longitudinal stresses
may be, for the usual prestressed concrete box girders, very
small (3), which means that assumptions can be made about
the nondcformability of sections in their plane, as well as
about the deformation of Navier’s plane sections.
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The analytical models developed can be described by
attending essentially to four aspects: structural idealization,
matcrial models used, sectional analysis, and structural anal-
ysis. In the following, a brief description of the characteristics
of each model is given.

Model 1: Filament Beam with Uncoupled
Torsional-Flexural Behavior

Structural Idealization

The structures that can be analyzed with this model are general
three-dimensional reinforced and prestressed concrete frames
composed of prismatic or nonprismatic members, with arbi-
trary cross section, and straight or curved in space. The mem-
bers are interconnected by structural nodes. Such nodes are
strictly necessary only at the actual structural joints, not inside
the element. However, for integration purposes, a number of
sections along the member are considered, in which a local
coordinate system is defined (Figure 1).

STRUCTURAL
NODES

G LOBAL
SYSTEM

NTES RATION SECTION
/N

STRUCTURAL
MEMBERS

SECTIONAL
NODES

TRAPEZQIDS

FIGURE 1 Structural idealization (Model 1).

Six degrees of freedom are considered at the end of each
member: three translations and three rotations. Such longitu-
dinal idealization allows the modeling of large structures with
a small number of long elements, reducing the global matrix
stiffness size at the expense of greater computer time because
of the integration process along the bars.

Loads or moments can be applied either over the nodes or
along the member length with any position and orientation in
space. Imposed displacements and constraints at supported
nodes can also be applied in any direction.

The cross section is discretized by means of trapezoids
(Figure 1), each one defined by a four-sectional vertex. The
trapezoids are made into squares by means of a parametric
transformation. Then, a 5 X 5-point mesh over each square
together with a two-dimensional Simpson rule are used for
integration over the cross section. Mcchanical properties as
well as sectional forces can be obtained very accurately with
this system.
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Reinforcing steel bars are considered embedded elements
parallel to the longitudinal member reference line. The area
and position of each bar in local coordinates of the section are
given as input data.

Pretensioned and posttensioned longitudinal tendons can be
considered in this model. Each tendon can be extended to any
length of the structure. A prestressing tendon may be com-
posed of several segments, each of them of different profile
(straight or parabolic, with or without end slope constraints).
Jacking can be done from either of the two ends; friction losses
and anchorage slip are taken into account.

Material Constitutive Equations

Concrete and steel are assumed to be subjected to a uniaxial
longitudinal stress state. Total concrete strain at a given time
and point in the structure is taken as the direct sum of mechan-
ical strain (stress-produced strain) and nonmechanical strain,
consisting of creep strain, shrinkage strain, and thermal strain.

The nonlinear constitutive relationship for concrete is
shown in Figure 2a. This model is based on the one suggested
by Sargin (4), including load reversal branches parallel to the
initial slope. Eleven possible malerial states are considered.

For the reinforcing steel, a bilinear stress-strain relationship
is assumed with load reversals, making four different material
states, as shown in Figure 2b. A multilinear stress-strain curve
is used for prestressing steel (Figure 2d). In addition, the usual
empirical formulas are used for stress relaxation and friction
properties of the prestressing steel.

Creep strain €, of concrete is evaluated by an age-dependent
integral formulation based on the principle of superposition.
Thus

e, () =J' ctt — %) aLa(?dc )
0

where c(f, t - 1) is the specific creep function, dependent on
the age of loading. It can be seen from Equation 1 that for the
determination of creep strain at any instant £, it is necessary to
know all the stress history at each point. This problem can be
avoided by using a Dirichlet series for the specific creep
function, such as

c(t,t—‘c):i_‘,la,.(t) {1l —exp[-X,¢t-7)]1} )

where a;(t) and A; are parameters to be determined from
experimental or empirical creep curves. Using such a creep
function incorporates the historic effects by successively
updating only one stress increment, instead of the entire stress
history (5).

Sectional Analysis

The scctional deformation is characterized in this model by six
components: axial strain of the reference sectional center,
two flexural curvatures, an average twist, and two shear
deformations.

In additional to Navier’s plane-section hypothesis, uncoup-
ling between normal and tangential responses and a perfect
bond between steel and concrete are assumed.
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FIGURE 2 Material properties and torsional behavior (Model 1).

The sectional behavior can be expressed by a general con-
stitutive equation derived by combining equilibrium equations
between stresses and forces, compatibility of strains over the
section, and material constitutive relations at each point. Such
an equation, incrementally expressed, takes the following
form:

AG, = k; - A%, + AG? 3)

where AG, is the vector of sectional forces, composed of axial
force, two bending moments, torque, and two shear forces;
A_E’_v is a vector of sectional deformations; A?J_? is vector of
initial stresses; and k; is the tangent sectional stiffness matrix,
which takes into account the material state at each point
(cracked, yielded, crushed, etc.), including the contributions of
reinforcing and prestressing steel. Therefore, material non-
linearities are included in the sectional stiffness matrix.

The uncoupling hypothesis leads to a sectional stiffness
matrix such as the following:

AN ki kia kg Agg| [ANO
AM,, kyy ko3 0 A9, AMY)
aM,| = ka3 AY, | + AMP | (4)
AT kas ks kg || A ATO
AV, kss ks || A%, av)
lﬁ"": k66 éY.r V?

in which the flexural forces are related only to longitudinal
deformations.

The term k4, represents the torsional stiffness, which
depends on the load level. In this model a trilinear torque-twist
relationship is assumed in which k,, is the slope of such a
diagram. The representative parameters of the torsional model
are the initial stiffness GJj, the torque at first cracking T,, the
cracked torsional stiffness £;y, the torque at full yielding T,
and the ultimate twist (6). Inelastic unloading parallel to the
initial stiffness GJ, is assumed, as shown in Figure 2c.

Structural Analysis Procedure

The method of nonlinear structural analysis is developed on
the basis of the classic matrix structural analysis of curved bars
in space, extended to take into account material nonlinearities
and time-dependent effects on reinforced and prestressed con-
crete three-dimensional frames.

The member stiffness matrix is derived by setting the three
basic equations at the element level, expressed in global
coordinates:

1. Incremental equilibrium equations:

MG, (5) = N(s) - AP + AG5,(9) ()
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where
A?Sny(s) = vector of internal forces at any section
of the member;
N(s) = equilibrium matrix, depending on the
beam geometry;
AY’B = vector of applied loads at one of the
member ends; and
A_(’S:Xy(s) = vector of forces acting at any section,

caused by applied loads over the
member, in a statically determinate
configuration.

Such an equation comes from integration of the differential
equilibrium equation of the beam, with the appropriate bound-
ary conditions.

2. Incremental kinematic equations:

Al = f B ONTG) - AR, (s) ds 6)
A

where Ad is the vector of relative displacements between both
member ends, and the other terms are as defined previously.

3. Constitutive sectional Equation 3, transformed to global
coordinates: If the above equations are combined and com-
pleted for the rest of the member degrees of freedom, the
general member force-displacement relationship is obtained:

AF = K - AS + AF* + AFO %)

where

AF

vector of applied loads at both member
ends,
K member tangent stiffness matrix,
AD vector of member end displacements,
AF* = vector of fixed end forces due to applied
loads over the member length, and
AFO vector of fixed end forces due to initial
stresses.

By assembling the clementary equations for the complete
structurc, a similar global expression is obtained.

For the nonlinear time-dependent analysis, the time domain
is divided into a number of time intervals, separated by time
steps. At time step £, _, all nodal displacements, total strains,
nonmechanical strains, and stresses in every part of the struc-
ture are known. The increments of nonmechanical strain due
to creep and shrinkage of concrete and temperature changes
occurring during time steps {,_; and f, are evaluated as
explained in the section headed®Material Constitutive
Equations.

At each section, incremental forces duc to nonmechanical
strains are oblained by scctional integration. Such forces,
added to the scctional prestressing primary forces existing if
any prestressing operation is carried out at the beginning of the
current Lime interval, are integrated over the member length so
that the incremental initial stress load vector A/ is obtained.
A similar procedure is followed for the sectional forces dug to
loads applied over the member length, obtaining the term A [,
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Finally, the unbalanced-load vector AFu from the last time
step is added, so that the load increment Ai'"n at time step £, to
be applicd to the structure is obtained by

AF, = AF + AF* 4+ AF* + AFO ®

The total load increment may be divided into several smaller
load increments for incremental load analysis. Unbalanced
load iterations can be performed following standard iterative
procedures, with or without changing the structural stiffness
matrix.

Model 2: Panel Beam with Coupled
Torsional-Flexural Behavior

Structural Idealization

The structure is divided longitudinally into a number of short,
straight elements connected by nodes. Inside each element, a
short number of integration sections is considered. Loads or
moments must be applied only at the structural nodes.

With such a longitudinal scheme, a large number of joints is
necessary to idealize medium-sized structures; nevertheless,
the longitudinal integration along the elements is extremely
simple, making the global process of structural analysis proba-
bly faster than with Model 1.

The cross section is considered to be composed of panels
(Figure 3), which can resist only normal and shear stresses in
their middle plane. The position and thickness of the panel, as
well as of the concrete cover, which is allowed to spall, are
known. Also, several reinforcing steel layers with any orienta-
tion and a layer of transverse prestressing can be defined at
each panel.

Longitudinal prestressing tendons are individually defined,
giving their steel area, position, and slopes at the integration
sections with respect to the longitudinal axis. The active effect
of prestressing is introduced in this model by means of an
initial strain in the prestressing steel, which is calculated
taking into account the friction losses.

Material Properties

Concrete is assumed to be subjected to a biaxial stress state.
Before cracking, a biaxial isotropic elastic constitutive model
is used, with a variable modulus of elasticity. Given the panel
strains &,, €,, and , the principal strains € and €, and their
orientation B at the middle plane are obtained by means of
bidimensional elasticity equations.

Once the principal strains on the middle plane are known, as
well as the curvature in their direction induced by bending and
torsion (7), the principal strains throughout the panel thickness
can be obtained (Figure 3). Then the stress ratlio ais

(¢} €, + VE
pom DS

®

O, € + VE

where v is Poisson’s ratio, assumed constant.

With such a value, the ultimate stress and strain for the
maximum compressive direction are determined, according to
the Kupfer and Gerstle failure envelope (8) (Figure 4). By
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FIGURE 4 Failure envelope for concrete under biaxial
stresses.

using Saenz’s equation (9) to represent the concrete behavior,
an apparent elasticity modulus for concrete is obtained:

Oy - E c0

E, === (10)
" ore(BmEoa) () (2)
G2p €2p €2p

The principal stresses are then

O

a
= — + VvV
1 — v2 (81 E»

a
1-v2

(e, + vgy) (68}

]

For cracked concrete, the evolutive truss analogy with stress
reduction, according to Vecchio and Collins (10), is adopted to
represent the panel behavior. In such a case, the ultimate stress
and strain for the maximum compressive direction are deter-
mined by the following equations:

fc 8(:0
02p = x 82,0 = T

x=(1’£_0.3)”’ m =g - & 12)

The stress in the direction orthogonal to the cracks is assumed
to be zero.

For the reinforcing steel the same constitutive relations as
those in Model 1 are assumed for the direction in which the
layer is oriented. Prestressing steel is assumed to be subjected
to uniaxial stress with a stress-strain relationship similar to that
in Model 1.

Sectional Analysis

The sectional behavior is governed by three sets of fundamen-
tal relationships: (a) compatibility between panel strains and
sectional deformations, (b) constitutive relationships of the
materials, and (c) equilibrium between sectional forces and
stresses over the panels.
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It is not possible to arrive, in this model, at an explicit
constitutive equation at the sectional level, such as the one
expressed [or Model 1 by Equation 3. Then, Lo sulve the
sectional analysis, the process is the following:

1. The strains at each point of the section are obtained, by
means of geometrical relationships, from the six general sec-
tional deformations assuming Navier’s plane-section hypoth-
esis and nondeformability of sections in their plane;

2. Once the strains are known, stresses are obtained by
means of the constitutive relationships of the materials (see
previous section); and

3. Sectional forces are obtained by integration of stresses
over the panels.

It is remarkable to note that this model does not separate
torsional, flexural, axial, and shear behavior, making it possi-
ble to accurately predict the sectional response under com-
bined actions. It is possible to capture failures due to crushing
of concrete compression trusses, yielding of transverse steel,
or yielding of longitudinal steel, depending on the load
combinations.

Structural Analysis

The structural analysis method used in this model is essentially
the same as that for Model 1, taking into account the par-
ticularities of the structural idealization (straight elements,
loads applied only at structural joints, etc.). Unbalanced forces
and prestressing effects are introduced as the initial stress
loading vector. No time-dependent effects are considered in
this model.

STRUCTURAL RESPONSE OF CURVED
PRESTRESSED BOX GIRDER BRIDGE

The objectives of the present study are to show the capabilities
of both analytical models, to compare their results when

FIGURE 5 General plan of the bridge.
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applied to the analysis of the same structure, and to study the
response of a prestressed concrete box girder bridge under
different loading conditions.

Description of Bridge Analyzed

The structure chosen for the present study is a curved pre-
stressed concrete bridge actually constructed in Pamplona,
Spain, in 1975 (11). The bridge superstructure consists of a
three-span continuous becam whose total length is 88 m (28 m
+ 32 m + 28 m), with both ends torsionally fixed, supported
without intermediate diaphragms over two single piers without
torsional restraint. The geometry in plan consists of a circular
curve of 120-m radius, followed by a spiral of parameter A =
80 (see Figure 5).

The cross section is a single box with side cantilevers 3.10
m long, making a total platform width of 12.85 m. The bottom
slab is 5.75 m wide and the webs, 0.70 m thick, are included
with a 2/1 slope. The bridge has a constant depth of 1.30 m, a
top-deck constant thickness of 0.24 m, and a bottom-deck
thickness of 0.20 m that increases to 0.35 m over the supports
(see Figure 6).

The longitudinal prestressing is composed of 26 tendons
12T13 of 346 cm? total area, anchored in both ends of the
superstructure by means of stressing anchorages. Because of
the platform width and the large torsional span, which causes
high stresses near the abutments, the top and bottom slabs are
transversely prestressed along the final 7 m by means of
tendons of 12 ¢7 separated 0.67 m and 0.51 m, respectively.

The structure was constructed by means of a framework,
directly soil supported, extended along the whole bridge
length.

Idealization of Bridge and Analyses Performed

The centerline of the bridge was idealized as a circular curve
of 120-m radius. The transverse and longitudinal discretiza-
tions are shown in Figure 7. Two equivalent tendons are
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FIGURE 6 Cross section of the bridge.

used to represent the longitudinal prestressing with a total
anchorage force of 19 000 kN each. The tendon layout is
shown in Figure 8. For analysis purposes, the reinforcing steel
arrangement has been divided into four zones, described in
Figure 8.

Concrete properties assumed for the analysis are initial
modulus E, = 36 000 MPa; compressive strength f,” = 35
MPa; tensile strength f, = 3.5 MPa; peak strain gy = —0.002;
and ultimate strain €, = 0.0035. The reinforcing steel proper-
ties assumed are initial modulus E, =210 000 MPa; no strain
hardening; strength ¥ = 410 MPa; and ultimate strain g, =
0.01. The prestressing steel has been assumed to have an initial
modulus E, = 200 000 MPa; a yielding stress f,, = 1500
MPa; and a strength f ., = 1700 MPa.

Time-dependent properties of concrete have been consid-
ered according to the Model Code of the Comité Euro-Interna-
tional du Béton and International Federation of Prestressed
Concrete (CEB-FIP) (12), assuming a medium ambient
humidity (50 percent), no shrinkage strain, and a constant
temperature of 20°C. The concrete strength is assumed to
increase with time, from 35 MPa at ¢ = 30 days to 50 MPa at
t = 10,000 days. Also the deformational modulus varies, from
E, = 36 000 MPa to E, = 42 400 MPa, so that aging of
concrete is taken into account. The final relaxation of the
prestressing steel is assumed to be 5 percent of the initial
stress. Transverse prestressing tendons are assumed to be ini-
tially stressed at 70 percent of their yielding stress.

No anchorage slip has been considered. Friction coefficients
adopted are p = 0.20 and £ = 0.0012. Jacking is assumed to be
done from both ends simultaneously.

The loads considered in the analysis are the self weight of
the bridge (SW), a dead load (DL) of 2.0 kN/m2, and a live

|

:‘f/’-%
||
V45‘

407 150

load (LL) of 4.0 kN/m2 that can be extended to any surface and
length of the bridge. No truck loads have been considered in
the analysis. The following loading cases have been
considered:

Load Case 1: SW + DL + LL extended over the whole
bridge length and width.

Load Case 2: SW + DL + LL extended over the whole
bridge length and the exterior half-width only.

Load Case 3: SW + DL + LL extended over the whole
bridge length and the interior half-width only.

The analyses performed are the following:

Analysis 1: short-term (¢ = 30 days after casting); Models 1
and 2; Load Case 1 with increment of LL to failure.

Analysis 2: short-term (¢ = 30 days after casting); Models 1
and 2; Load Case 2 with increment of LL to failure.

Analysis 3: short-term (¢ = 30 days after casting); Models 1
and 2; Load Case 3 with increment of LL to failure.

Analysis 4: time-dependent; only Model 1; Load Case 1;
SW at 30 days, DL at 60 days, LL at 10,000 days increasing to
failure.

Analysis 5: short-term (¢ = 30 days after casting); Models 1
and 2; Load Cases 1, 2, and 3, including transverse
prestressing.

Results of Analyses
Analysis 1: Centered Live Load

Figure 9 shows the load-deflection and load-force curves,
respectively, for that case. Cracking appears in the support
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FIGURE 7 Longitudinal and transverse idealization of the bridge.

section at about 8.0 times the live load, whereas flexural
rupture due to prestressing steel yielding in the same section is
produced at approximately 11.5 times the LL.

A very small redistribution of forces takes place for this
loading case. The bending moment at the middle of the central
span decreases, whereas in the support section a 4 percent
increase takes place in the ultimate state.

In general, good agreement is obtained between the results
of both models, which indicates that for dominant flexural
behavior, the uncoupled model can be used with reasonable
accuracy in these kinds of structures.

Analysis 2: Eccentric External Live Load

In this case, the opposite situation is found: the torsional
behavior is dominant, and bending moments are very small.

Figure 10 shows the load-deflection and load-force curves.
Cracking appears at the abutments because of the important
torsional moment acting, at 4 times the live load, according to
Model 1. Model 2 predicts cracking at a higher value of the
overload factor. Such a difference is due to the effect of shear

stresses coming from external loads and to the prestressing
slope at the end of the beam, both of which are taken into
account in Model 2. After cracking, a reduction of the moment
at the middle of the central span and an increase of the support
moment are produced with increasing load. Such a redistribu
tion of bending moments that are due to the variation of the
EI/GJ ratio along the bridge reaches 66 and 37 percent at the
center and support sections, respectively, when failure occurs.
Model 2 also predicts a sudden increase of the central deflec
tion after cracking. Failure occurs at about 8.8 times the live
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FIGURE 8 Prestressing and reinforcing steel arrangement adopted for the

analysis.

load, when the ultimate torque is reached at the abutments,
because of yielding of the transverse reinforcement.

In general there is excellent agreement between the results
of both models, which indicates that even when torsional
behavior is dominant, the uncoupled model provides good
results.

Analysis 3: Eccentric Interior Live Load

Figure 11 shows the load-deflection and load force curves for
this analysis. Good agreement is obtained also, although dif-
ferences are a little larger than those under other loading
conditions.

Failure at the abutments due to torsion is reached at prac-
tically the same time as flexural rupture in the central span
section, at approximately 11.8 times the live load. Cracking is
detected in both models at about 7.0 times the live load. Then
a redistribution of bending moments opposite the one pro-
duced in Analysis 2 occurs for the same reason. The bending
moment in the support section is about 30 percent smaller than
the elastic value in the ultimate state.

In this bridge the sections subjected to maximum torque and
maximum bending moment are different and very separated.
Practically no cross section is being subjected simultaneously
to torsion and bending of similar importance. Therefore, the
uncoupled model can be used for any load combination with
reasonable accuracy, because there is no deformational inter-
action between torsion and bending at any section.

Analysis 4: Time-Dependent Analysis

The objective of such an analysis is, on one hand, to determine
the influence of time-dependent effects on the ultimate load
capacity of the bridge, assuming no evolutive construction. On
the other hand, a comparison of the computer results and the
ones made by hand for design purposes is established.

Figure 12 shows the time-deflection diagram for the middle
of the central span. From that curve it can be seen that the
central deflection, after the dead load has been applied,
remains practically constant with time, with a slight tendency
to decrease, which means that prestressing and permanent
loads are equilibrated.
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The small redistribution of bending moments that occurs
with time is due to the existence of prestressing and reinforc-
ing steel on the compression side, which restrains the time
deformation of concrete by increasing its: compressive stress
about three times (Figure 13).

The force along the three tendons is shown in Figure 14 for
different times. It can be observed that, in addition to a general
decrease of the tendon force because of creep and relaxation
losses, there is a tendency to lose uniformity of the force along
the tendons. A total loss of 3700 kN at the middle of the
central span (about 12.5 percent) is obtained, which is a little
lower than the results obtained by hand calculation (no
shrinkage is taken into account in this analysis).

Figure 15 shows load-deflection curves at 30 and 10,000
days for a centered live load increasing to failure. From these
curves it can be seen that ultimate capacity is constant with
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time and that cracking is advanced because of the loss of
prestressing force.

Analysis 5: Transverse Prestressing

The objective of this analysis is to use Model 2 to study the
influence of transverse prestressing of the top and bottom slabs
near abutments on the structural response of the bridge under
the three loading cases. Transverse prestressing is designed to
avoid a great decrease in the torsional rigidity under high
torsional moments, which may produce important variations in
the longitudinal bending moments.

Figure 16 shows redistribution of the bending moments at
the support section for the three loading cases, with and

=
.-'_|
- &
1 [
o
L g
~8
.
OE Model 1
[T
'
T
w
(s
s
é -
& W
21
we
e
::,
0.9 ll\'l.l Il-S 'Z- I!.Z .I.O 'l.i |5-G Ii.l l7.7 ‘I.O II.I 8.E
OVERLOAD FACTOR
(-]
g
u g
o~
w§
71 Torque at
(-]
‘E!- abutments.
Xg
Z*-
=g
e
w
Uﬂ
o
oF
(VIR
._..g.'_ Bending Moment at
Zzg the middle of the
ol ¥ Model 2 B idns
g %‘_’y) ge.
2
~
! T T L] T T T Ll T ¥ T L] 1

0.0 0.8 1.6 2.4 3.2 4.0 4.8 5.6 6.4 7,2 9.0 8.8 9.6

OVERLOAD FACTOR
FIGURE 10 Results of Analysis 2.



Mari et al.

\

g z
TO'.’_ Cracking
—

L
2
¢
-] -
o8
Wwe
=) "
w
w
Dg‘
29
=
>, LL
ws
LN
o
g
T T T T L} Al T T L T L) 1
0 1 2 3 4 A, 6 7 -] 10 11 12
OVERLOAD FACTOR

31\\\‘

o
o ¥
-

%8 |

8

—\-I'_
Eﬂ
22 Torque at abutments

1
iV
-8

o
2
Wy
O
St :

& '+ Bending moments at

o8 | the center of the bridge.
- LL

Z3

0—4':'-

g

Y

e

3

T L 1 T T L T i T L) T 1

3 4 L] § ? []
OVERLOAD FACTOR
FIGURE 11 Results of Analysis 3.

without transverse prestressing. It can be seen that the crack-
ing load is slightly increased by transverse prestressing and the
ultimate load capacity remains the same.

CONCLUSIONS

1. The structural response of curved prestressed box girder
bridges supported over intermediate piers without torsional
restraints is highly nonlinear after cracking under increasing
loads.

2. The kind and degree of redistribution of internal forces
depend, essentially, on the loading cases considered. For an
external live load, a 37 percent increase in the bending
moment over the support occurs at failure. For a centered live
load such an increase is only 4 percent, whereas for an internal
eccentric live load a decrease of about 30 percent takes place
for the bridge studied.
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over the support versus time.

0.8 1.

3. The kind of failure depends on the load case considered.
For a centered overload, flexural rupture takes place; for an
external live load the failure is due essentially to torsion at the
bridge ends; and for an internal overload, failure occurs simul-
taneously by flexural rupture at the support section and by
torsion at the abutments.

4. When there is no evolutive construction, the ultimate
load capacity of the bridge remains constant with the passage
of time. However, the cracking load may be reduced because
of prestressing losses. Redistribution of moments takes place
with time because of the restraint that the reinforcing and
prestressing steel introduces in the deformation of the section.

5. Transverse prestressing of top and bottom slabs intro-
duces variations in the cracking load. However, it has no
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noticeable influence over the ultimate load capacity if the total
mechanical ratio of transverse steel remains constant.

6. When either torsion or bending is dominant, uncoupled
models can be used to predict the nonlinear response of rein-
forced and prestressed concrete structures. This circumstance
occurs for the curved bridge studied, where, in addition, the
sections subjected to maximum bending moment and max-
imum torque are different.

TRANSPORTATION RESEARCH RECORD 1180

8

®

H]

" . - -

--- With transverse prestressing

[=]

Q
‘©"-4 __ Without transv. prestressing
&

-]

e &

2

Lo
—
l_‘Z_lg Centrated

L

7 .
gg Ll r Exterior L.L.
p g
(

gt o
- Interior L.L.
Oown
5——-
mE

a..a

= L] T T L] ] T T T L] T T L}

3 4 S 6 7 ] L) 10 11 12
OVERLOAD FACTOR

FIGURE 16 Bending moments at the support section
(Analysis 5).

7. However, in other kind of structures, such as straight
skew bridges or longer curved bridges with or without inter-
mediate torsional restrained supports, bending and torsion
interact on the same sections. Then coupled models must be
used to simulate the structural behavior.
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Structural Analysis and Response of
Curved Prestressed Concrete

Box Girder Bridges

DeeErPAK CHOUDHURY AND ALEX C. SCORDELIS

A numerical procedure for linear-elastic analysis and non-
linear material analysis of curved prestressed concrete box
girder bridges Is demonstrated through two examples. A
curved nonprismatic thin-walled box beam element is used to
model the bridges. The cross section of the element is a rec-
tangular single-cell box with side cantilevers. Eight displace-
ment degrees of freedom, including transverse distortion and
longitudinal warping of the cross section, are considered at
each of the three element nodes. Prestressing, consisting of
posttensioned bonded tendons In the longitudinal direction, is
considered. For nonlinear material analysls, the uniaxial
stress-strain curves of concrete, reinforcing steel, and pre-
stressing steel are modeled. The shear and the transverse
flexural responses of the box beam cross section are modeled
using trilinear constitutive relationships based on cracking,
yielding, and ultlmate stages. The first example demonstrates
the versatility of the numerical method in determining the
linear-elastic distribution of forces in a three-span prestressed
box girder bridge of curved plan geometry and variable cross
section. Dead load, live load, and prestressing load cases are
analyzed. In the second example, overload behavior and ulti-
mate strength of a three-span curved prestressed concrete box
girder bridge under Increasing vehicular load are investi-
gated. The different response characteristics of the bridge
induced by different transverse locations of the overload
vehicle are presented.

Prestressed concrete box girder bridges have gained impor-
tance as economic and esthetic solutions for the overpasses,
underpasses, separation structures, and viaducts found in to-
day’s highway system. These bridges are often continuous-
span structures (Figure 1a). Transverse diaphragms are placed
at the end and interior support sections, and additional di-
aphragms are sometimes used between the supports. The typi-
cal cross section of such a box girder bridge consists of a top
slab and a bottom slab connected monolithically by vertical
webs to form a cellular or boxlike structure (Figure 1b).
Design and esthetic considerations often call for longitudinal
variations in the cross-sectional dimensions. In plan, the
bridge can have a straight or curved geometry. Sometimes part
of the bridge may be straight and part of it may be curved
(Figure 1c). The complex spatial nature of a curved box girder
bridge with a variable cross section (nonprismatic) makes it
difficult to predict the structural response to a general loading

D. Choudhury, T. Y. Lin International, 315 Bay Street, San Francisco,
Calif. 94133. A. C. Scordelis, Department of Civil Engineering,
University of California, Berkeley, Calif. 94720.

INTERIOR DIAPHRAGM

(3) ) (4) (5)

END DIAPHRAGM

(1) ) ¢d]
L7 —
INTERIOR SUPPORT
/ ——

(a) ELEVATION

T ‘ g == —D— ’—E_
h () (3) 4) (5)
(b) CROSS SECTIONS
RVED
e T,
)

(c) PLAN

FIGURE 1 Curved nonprismatic box girder bridge.

case accurately. The presence of prestressing further compli-
cates the analysis. Even with the assumption of homogeneous
linear-elastic material, the accurate analysis of such a structure
remains a formidable challenge to the engineer. Highway
bridges are being subjected to increasing vehicular loads and
traffic densities. A better understanding of the overload be-
havior of these bridges beyond the service load range is
necessary. Also, in order to assess the degree of safety against
failure, an accurate estimate of the ultimate load has to be
made. A nonlinear analysis procedure incorporating the effects
of nonhomogeneity of the material, concrete cracking, and
nonlinearities in the stress-strain relationships of concrete rein-
forcing steel and prestressing steel is thus required. The objec-
tive of this paper is to demonstrate the capabilities of a numeri-
cal procedure for linear-elastic analysis and nonlinear material



Choudhury and Scordelis

analysis of curved nonprismatic prestressed concrete box
girder bridges. The overall response of the structure, rather
than the local behavior, is studied.

METHOD OF ANALYSIS

The method of analysis employed in the present study uses a
finite-element formulation based on thin-walled beam theory
(1, 2). The theoretical details, summarized briefly in this pa-
per, have been presented elsewhere (3).

Curved Nonprismatic Box Beam Element

Thin-walled box beam elements have been used by several
investigators (4—6) for linear-elastic analysis of box girder
bridges. These elements are capable of capturing the dominant
structural actions, but at considerably reduced computational
effort. The simplicity and reduced computational effort inher-
ent in a beam-type element make it particularly suitable for
nonlinear analysis, which requires much greater central pro-
cessing unit time and storage space in the computer than
linear-elastic analysis. Thus in the present study, certain as-
pects of the formulations used by Bazant and El Nimeiri (4)
and by Zhang and Lyons (§) are combined to develop a curved
nonprismatic thin-walled box beam element that can be easily
extended to nonlinear analysis.
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The three-node element is shown in Figure 2. Its axis lies in
the global X-Y plane and may be curved. The cross section of
the element perpendicular to its axis is a rectangular, single-
cell, thin-walled box with side cantilevers. The dimensions of
the box cross section, indicated in Figure 2b, can all vary
along the length of the element. The geometry of the element
is defined using an isoparametric mapping between the three
nodes. The shape functions associated with the three nodes are
second-order Lagrangian polynomials.

At each element node, eight generalized displacement de-
grees of freedom are considered. These are the usual six
degrees of freedom associated with the rigid body translations
and rotations of the cross section and, in addition, a longitu-
dinal warping mode and a transverse distortional mode of the
cross section (Figure 3). A generalized strain and its associated
generalized stress are used to represent the strain energy con-
tribution from transverse bending of the walls of the box cross
section caused by the transverse distortional mode (Figure 3b).
Also, the longitudinal normal strains and stresses and the shear
strains and stresses acting in the plane of the cross section
along the walls of the box are monitored.
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The element property matrices are obtained numerically
using two-point Gaussian quadrature along the element axis.
This is found to eliminate the spurious shear stiffness usually
associated with beam and shell formulations, including shear
deformations. Spurious shear effects relative to the torsional,
distortional, and warping degrees of freedom are also elimi-
nated by this reduced order of integration.

Prestressing

Prestressing, by means of posttensioned tendons in the longi-
tudinal direction, is considered. The tendons are idealized as
straight prestressing steel segments between the nodes of the
box beam elements. Friction and anchorage slip losses are
considered. For linear-elastic analysis of the structure under
prestressing, the effect of prestress is represented by a set of
equivalent loads applied at the nodes of the box beam ele-
ments. For the analysis at transfer of prestress in a nonlinear
analysis, the prestressing is similarly represented by a set of

CONCRETE FILAMENT

STEEL FILAMENT

CONCRETE LAYER

FIGURE 4 Box cross section discretized into concrete and
longitudinal reinforcing steel filaments.
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FIGURE 5 Nonlinear constitutive models.
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equivalent nodal loads, and the structure is analyzed as if it
were of ordinary reinforced concrete. The contribution of the
prestressing steel to the overall structural stiffness is neglected
because at this stage the steel is unbonded. For the subsequent
application of extemnal loads, the prestressing steel is assumed
to be bonded to the concrete (i.e., grouted), and the pre-
stressing steel stiffnesses are included in the overall structural
stiffness.

Nonlinear Analysis Procedure

For nonlinear material analysis, thc box beam elements are
considered to be concrete elements reinforced with steel in the
longitudinal and transverse directions. In order to model the
response of the reinforced concrete box beam element under
longitudinal normal strains and stresses, the element cross
section is idealized as concrete and longitudinal steel filaments
that are assumed to be in a state of uniaxial stress (Figure 4).
The uniaxial stress-strain curve adopted for the concrete fila-
ments is based on the widely used relationship in compression
suggested by Hognestad (7), together with cracking in tension
at the tensile strength. With additional assumptions for load
reversal, a total of 11 possible material states are obtained
(Figure Sa). For the longitudinal steel filaments, a bilinear
stress-strain relationship with load reversal is used (Figure 5b).
Four different material states are possible. In addition, the
tension-stiffening effect between the concrete and the steel
filaments is modeled with a “steel-referred” method,

The trilinear constitutive relationship shown in Figure 5c is
used to represent the shear response of the walls of the box
section. The model incorporates the cracking, yielding, and
ultimate stages. The postcracking behavior is based on the 45-
degree truss analogy. The possibility of load reversal is consid-
ered, which gives a total of five different material states.
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The constitutive relationship for transverse flexure is ob-
tained from a flexural analysis of the box beam cross section as
a transverse reinforced concrete frame of unit width in the
longitudinal direction. The resulting response is modeled with
a trilinear relationship similar to the one used for shear
(Figure Sc).

The uniaxial stress-strain relationship of the prestressing
steel segments is modeled by using a multilinear idealization
with load reversal (Figure 5d).

Because of the nonlinearities in the constitutive relation-
ships, the equilibrium equations of the structure are nonlinear.
These nonlinear equilibrium equations are solved in incre-
ments. Increments of either prescribed loads or displacements
are applied, and for each increment unbalanced load iterations
are performed until certain predefined convergence criteria are
satisfied. With this nonlinear analysis procedure, the structural
response can be traced throughout the elastic, inelastic, and
ultimate load ranges.

COMPUTER PROGRAMS

The method of analysis has been incorporated into two com-
puter programs: LAPBOX for linear-elastic analysis, and
NAPBOX for nonlinear material analysis. The basic input for
both programs consists of structure geometry and boundary
conditions, material properties, prestressing data, structure
loading, and locations for stress output. In addition, NAPBOX
requires data on concrete and longitudinal steel filaments,
transverse steel, and convergence tolerances. The various gen-
eration schemes implemented in the programs allow accurate
modeling of complex bridge geometries, loadings, and pre-
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stressing tendon profiles on the basis of a few simple input
parameters.

The computer programs LAPBOX and NAPBOX have
been verified (3). Linear-elastic solutions from LAPBOX were
compared with the folded-plate elasticity method (8), the
finite-strip method (9), and the experimental results from a
tapered box girder (10). NAPBOX results were compared with
the computer program PCFRAME (11) for the special case of
planar loading. PCFRAME, which is capable of performing
nonlinear analysis of planar prestressed concrete frames, has
been extensively tested (11, 12).

Detailed information on the theoretical basis, input and
output, and a computer tape containing the source listings for
LAPBOX and NAPBOX is available by writing to the second
author.

EXAMPLE 1: LINEAR-ELASTIC ANALYSIS

Example 1 demonstrates the applicability of the proposed
method and the capabilities of the computer program LAP-
BOX in determining the linear-elastic distribution of forces in
a complex prestressed concrete box girder bridge of curved
plan geometry and variable cross section.

Structure Details and Analytical Modeling

A hypothetical three-span continuous prestressed concrete box
girder bridge (Figure 6) is analyzed. In plan (Figure 6a), the
bridge has a straight span of 140 ft between supports S1 and
S2, and two circularly curved spans of 240 ft between supports
S2 and S3 and 180 ft between supports S3 and S4. The radius

Cug VED,)
24p

a.f.b. 1, vary
(b) CROSS SECTION

FIGURE 6 Example 1: three-span curved nonprismatic prestressed concrete bridge. (a) Plan

view, (b) cross section.
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of the circularly curved spans is R = 500 ft to the centerline.
For convenience, a coordinate s is defined along the centerline
with its origin at S1 and directed toward S4. At each of the
four supports of the bridge, vertical movement, twist, and
transverse distortion of the cross section are prevented.

The cross section of the bridge is shown in Figure 6b. The
following equations define the variation of the cross-sectional
dimensions a, f, b, and ¢, (all in feet) in terms of the s-coordi-
nate. A modulus of elasticity of 608,256 kips/ft2 and a
Poisson’s ratio of 0.18 are assumed for the concrete.

a =12 + 5/100 for 0 < s < 560 ft

f = 4 + 95/2800 for 0 < s < 560 ft

b =6+ /10 for 0 < s < 140 ft
= 52/3 - 5/15, for 140 ft < s < 200 ft
=4 for 200 ft < s < 320 ft
= =52/3 + s/15, for 320 ft < s < 380 ft
=110/9 - s/90 for 380 ft < s < 560 ft

L = 3/5 + 5200 for 0 < s < 140 ft
= 67/30 — s/150 for 140 ft < s < 260 ft
= -37/30 + /150 for 260 ft < s < 380 ft
= 25/9 — 7s/1800 for 380 ft < s < 560 ft

The bridge is prestressed with 14 different tendons, 7 in
each web (Figure 7). The jacking forces and the geometry data
of each tendon are given in Table 1. Each tendon numbered 1
through 6 has a vertical profile along its span consisting of one
parabolic segment. Each of the other 8 tendons has two para-
bolic segments connected by a linear segment in the middle.
All the tendons are stressed simultaneously from both ends. A
wobble friction coefficient of 0.0002/ft, a curvature friction
coefficient of 0.2/radian, and no anchorage slip are assumed.

Three different load cases are considered. They may be
summarized as follows:

Case 1: Dead load due to a unit weight density of 160 pcf.

Case 2: Prestressing.

Case 3: Uniform live load of 0.15 kip/fi2 over the full width
of the the top deck and between s = 180 ft and 340 ft.
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TABLE 1 EXAMPLE 1: PRESTRESSING TENDON DATA

TACKING | 1OCATION OF | TOCATION QF LOCATION(S) OF
TENDON FORCE END A END B ZERO TENDON SLOPE

NO.

(kip) s (ft) z (f) s (fy) z (f1) s (ft) z ()

I, 2 300 0 -2.470 120 -4.044 60 -6,357

3,4 700 420 -3.646 560 -2.410 490 -6.278

5,6 600 180 -2.473 340 -2.463 260 -3.500

7.8 2500 BO -3.343 200 -1.710 120; 160 -0.500

9,10 3000 320 -1.840 440 -3.283 360; 400 0.500

1,12 1000 40 -2.911 240 -1.710 80; 200 -0.500

13, 14 1250 280 -1.710 480 -4.089 320, 440 -0.500

The bridge is analyzed by using 56 curved nonprismatic box
beam elements, each 10 ft long. All load cases are represented
by equivalent nodal loads generated automatically within the
program LAPBOX.

An additional analysis is performed for load case 3 with the
computer program SAP IV (I3) using 56 one-dimensional
(straight) beam elements, each spanning 10 ft (measured along
the actual axis of the bridge). Each element is prismatic, so the
nonprismatic bridge can only be modeled approximately by
using different cross-sectional properties for each element.

Results

Table 2 gives a summary of the support reactions obtained
from LAPBOX for all load cases. In the last two columns, the
total of all the vertical reactions is compared with the total
applied load calculated by hand from the actual geometry and
loading of the structure. The agreement is perfect, which is
indicative of the high accuracy with which the box beam
elements can be used to model the geometry and loading of a
curved nonprismatic bridge. The support reactions obtained
from the SAP 1V analysis for load case 3 are also shown in
Table 2. The agreement between the LAPBOX and the SAP
IV results is good, particularly for the vertical reactions.

z
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FIGURE 7 Example 1: three-span curved nonprismatic prestressed concrete bridge—
longitudinal section along centerline.
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TABLE 2 EXAMPLE 1: SUMMARY OF SUPPORT REACTIONS
TOTAL TOTAL
LOAD FORCE SUPPORT | SUPPORT | SUPPORT | SUPPORT | VERTICAL | APPLIED
CASE QUANTITY S1 S2 S3 $4 REACTION LOAD
(kip) (kip)
Distortional
Moment 0.2 782.4 2233.6 -125.1 — -
My (kip ft)
DEAD Vertical
LOAD Force 2318 1491.9 1853.2 493.8 4076,7 4076.7
V: (kip)
Torque -2.8 -867.9 -2026.8 1545.0 - —
M, (kip'ft)
Distortional
Moment 0.1 260.1 5723 14.6 — —
M, (kip ft)
PRE- Vertical
STRESS Force -30.8 26,4 342 -29.8 0.0 0.0
V, (kip)
Torque -1.6 -1103.6 -1954.8 -267.3 - —
M, (kip-ft)
Distortional
Momeat 0.1 4303 1035.3 8.0 - -
My (kip-ft)
II'(;X% Vertical
Force -116.2 4040 385.2 -90.5 5825 582.5
(LAPBOX) [ ")
Torque -1.6 -3229 -2359.2 -860.3 — —
M, (kip ft)
Vertical
Force -115.7 403.4 385.2 -90.4 582.5 582.5
LVE | M p)
LOAD
AP IV) | Torque 0 3442 | 23840 | 8480 - -
M, (kip-ft)

The longitudinal variations of the vertical centerline dis-
placements are shown in Figure 8. The plotted values for the
live load case represent both the LAPBOX and the SAP IV
analyses, which predicted practically the same vertical dis-
placements. The transverse distributions of the vertical dis-
placements at the middle of the interior span (s = 260 ft) are

shown in Figure 9. The vertical displacements are larger at the
outer web than at the inner web, with almost a linear variation
across the bridge width, which indicates a twist of the cross
section with little transverse distortion.

Longitudinal variations of bending moments for dead load,
prestressing, and live load are shown in Figures 10 through 12,

Q.5
o DEAD LOAD
Q.4 @\ ¢ PRESTRESSING
& LIVE LOAD
2.3 29\9
2.2
\ 0.1114

“E 2.1 6\ A,ASQ‘LA
E & ’IA; 0.0276 'A‘ :
Z 2.9 — Wy — s =
] s W
5 #
& -0.1 ’
a

-9.2 -0.1506

-2.3

} 731 -0.4073 ,A
-3.4 ~
-0.4127
-2.5 | : 8 L i 1 1 i i 1 1 i S
) 100 200 300 400 500 800

s (ny

FIGURE 8 Example 1: longitudinal distributions of vertical centerline displacements.
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respectively. It should be noted that the moments are with
respect to the local y-axes of the cross sections (Figure 6h).
When axial loads are present, which is the case with pre-
stressing, the plotted moments will differ from the moments
about the neutral axes of the cross sections. The locations of

|' R
-0.429 -0.421 -0.417 -0.413 -0.409 -0.405 -0.397
T
.l
|
1
-0.421 -0.417 -0413 -0.409 -0.405
(a) DEAD LOAD
o
.440 0.433 0.428 0.424 0.420 0415 0.408
1,433 0,428 (424 0,420 (415

(b) PRESTRESSING

lﬂ— R
-0.421 -0415 -0.411 A.408 -0.405 -0.401 -0.395
-0.415 0411 -0.408 -0.405 -0.401
(c) LIVE LOAD

FIGURE 9 Example 1: transverse distributions of vertical
displacements (s = 260 ft).
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the discontinuities in the prestressing moment diagram (Figure
11) correspond to the tendon ends. The live load moments
(Figure 12) obtained from the LAPBOX and the SAP IV
analyses are found to agree closely.

The close agreement between the LAPBOX and the SAP IV
results for the live load case indicates that the longitudinal
flexural behavior of the bridge was not affected significantly
by transverse distortion and longitudinal warping of the cross
sections. However, ordinary beam theory (SAP IV) cannot
predict the transverse distribution of stresses and the trans-
verse flexural moments (not reported), which can be obtained
from thin-walled beam theory (LAPBOX).

EXAMPLE 2: NONLINEAR ANALYSIS

Example 2 demonstrates how the proposed nonlinear analysis
procedure can be used to trace the response of a curved
prestressed concrete box girder bridge throughout the elastic,
inelastic, and ultimate load ranges. Overload behavior and
ultimate strength of the bridge under increasing vehicular load
are investigated. The different response characteristics of the
bridge, induced by different transverse locations of the over-
load vehicle, are presented.

Structure Detalls and Analytical Modeling

The three-span, curved, continuous, prestressed concrete box
girder bridge considered in this example is shown in Figure
13. Its span arrangement is symmetric, with spans of 160, 200,
and 160 ft. The axis of the bridge is circularly curved in plan
with a radius of R = 496.5 ft to the centerline. Full restraint
against vertical translation, twist, and transverse distortion of
the cross section at the four supports is assumed.

For the sake of simplicity, the cross section (Figure 13b) is
assumed to be constant from one end of the structure (o the

20000
16331
1eeee | 820
4770
¢ /
E L LY
=4
z -leees
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=
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>
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—400200 1 1 1 L ! 1 I 1 Il 1
%] 109 200 300 400 500 620

FIGURE 10 Example 1: longitudinal distribution of bending moment M, due to dead load.
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FIGURE 11 Example 1: longitudinal distribution of bending moment M, due to prestressing.
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FIGURE 12 Example 1: longitudinal distribution of bending moment M, due to live load.

ower, although design considerations often call for thickening
of the bottom flange or the webs, or both, in regions near the
supports. The total top deck width of 34 ft is typical of a two-
lane highway bridge.

The prestressing in the bridge consists of two tendons in the
longitudinal direction, one in each web. The prestress is
achieved by posttensioning from both ends simultaneously,
after which the prestressing steel is grouted and hence bonded

to the concrete. The tendon profile along the curved webs is
the same in each web, and is shown in Figure 13c.

The following conditions are assumed: concrete compres-
sive strength of 4,000 psi, mild steel yield strength of 60 ksi,
prestressing steel ultimate strength of 270 ksi, wobble friction
coefficient of 0.0002/ft, curvature friction coefficient of 0.25/
radian, anchorage slip at each jacking end of 0.25 in., and unit
weight of composite structure of 155 pcf.
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(c) PRESTRESSING TENDON PROFILE

FIGURE 13 Example 2: three-span curved prestressed

concrete bridge.

Structural design of the box girder is based on State of
California standard criteria (14). The prestressing steel re-
quirements are calculated by considering HS20 lane loading in
each of the two lanes, impact factors on the basis of span
lengths, and an allowable tensile stress of 6 (f,)1/2 psi in
concrete after all prestressing losses have occurred. A total of
172 seven-wire strands with 0.5-in. diameter (86 strands per
web), which gives a total prestressing steel area of 26.32 in.2,
is provided. The required jacking force is 2,660 kips per web.
Ultimate strength under factored loads is checked. In the load
factor design, an additional overload vehicle, designated a P13
truck (Figure 14), is considered.

Longitudinal mild steel reinforcement corresponding to 0.3
percent of the concrete area is provided in each wall of the box
cross section. This steel is not required because of strength
considerations, but is provided for constructicn purposes. The

transverse reinforcement consists of two legs of No. 5 stirrups
at 4-in. longitudinal spacing in each web and two legs of No. 5
stirrups at 10-in. longitudinal spacing in each slab.

The response of the bridge structure is studied under in-
creasing levels of vehicular overload. The overload vehicle,
the P13 truck (Figure 14), is typical of the heaviest vehicles
found on California’s highways. In order to take advantage
of the symmetry of the structure, the P13 truck loading in
Figure 14b is approximated with the symmetric loading in
Figure 14d. This symmetric truck loading is positioned in the
middle of the center span of the bridge (Figure 15a), and the
structural load vector due to its weight is increased in incre-
ments until ultimate failure occurs. For convenience in presen-
tation of results, P is used to denote the factor of truck load
applied. Thus P = 1 represents the overload due to one truck
(Figure 15a).
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FIGURE 14 Example 2: P13 truck loading.

P = Three different load cases are considered:
48k each
I ddddddd ] Case 1: Truck load positioned over bridge centerline (Fig-
V. w = - A ure 15b).
[:’ i : sl ey o Case 2: Truck load positioned over outer web (Figure 15c).
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(a) LONGITUDINAL POSITION OF TRUCK LOAD
FOR LOAD CASES 1.2 AND 3

Case 3: Truck load positioned over inner web (Fig-
ure 15d).

Because of the symmetry of the structure and the loadings,

¢ only half the length of the bridge is analyzed. Forty curved box
R beam elements of varying lengths are used. The cross section
is discretized into 52 concrete and 26 longitudinal steel
i filaments.
-
(b) TRANSVERSE POSITION OF TRUCK LOAD
FOR LOAD CASE | Results
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(c) TRANSVERSE POSITION OF TRUCK LOAD
FOR LOAD CASE 2

(d) TRANSVERSE POSITION OF TRUCK LOAD
FOR LOAD CASE 3

FIGURE 15 Example 2: position of truck load for
different load cases.

Figures 16 through 18 show the vertical web displacements at
the middle of the center span under increasing truck loads for
load cases 1, 2, and 3, respectively. It is evident from the load-
displacement curves that the structure responds quite dif-
ferently depending on the transverse position of the truck load.

Load case 1 (Figure 16), with the truck load over the
centerline, yielded the highest ultimate load of P = 5.6. Failure
occurred because of the yielding of concrete filaments in
compression at the bottom flange over the interior supports.
The small differences between the vertical displacements at
the two webs indicate that the overall response of the bridge
was governed by its longitudinal flexural behavior.

In Figure 17, the differences between the vertical displace-
ments at the two webs are seen to be quite significant for load
case 2, in which the truck load is positioned over the outer
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FIGURE 16 Example 2: load versus vertical web displacements at middle of center span

(load case 1).
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FIGURE 17 Example 2: load versus vertical we
(load case 2).

web. The differential web displacements, which increase with
increasing load levels, are primarily due to the twist of the
cross section and were caused by rapid deterioration in the
torsional stiffness of the bridge. The ultimate load of the
bridge was reduced to P = 5.2. Failure occurred when the

b displacements at middle of center span

shear stress reached its ultimate value at the outer web of the
sections just to the inside of the interior supports.

An ultimate load of only P = 4.0 was obtained for load
case 3 (Figure 18), with the truck load positioned over the
inner web. This loading produced rapid deterioration in the
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FIGURE 18 Example 2: load versus vertical web displacements at middle of center span

(load case 3).

transverse flexural rigidity of the bridge. The transverse distor-
tion of the cross section at the middle of the center span
increased rapidly, and this is reflected in the increasingly large
differences between the vertical displacements at the two
webs. Failure was due to the ultimate transverse distortion of
the cross section at the middle of the center span, which is
governed by the plastic hinge rotation capacities at the four
corners of the box section.

The cross-section twists at the middle of the center span are
shown in Figure 19 for all three load cases. The rapid deterio-
ration in the torsional stiffness of the bridge for load case 2 is
evident. Of the three load cases considered, load case 2 repre-
sents the most severe torsional loading. The outer web loading
tends to twist the cross section in the same direction as the
dead load and prestressing, and hence produces the largest
cross-section twists. Load case 1 produces a less severe
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FIGURE 19 Example 2: load versus cross-section twist at middle of center span (load

cases 1-3).
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torsional response of the bridge. Because of the curvature of
the bridge axis, the centerline loading does tend to twist the
cross section, but its effect is not as pronounced as that of load
case 2. Load case 3 represents the least severe torsional load-
ing. The inner web loading tends to decrease the cross-section
twist due to dead load and prestressing. The net result is that
the cross-section twist remains almost constant with increasing
truck load levels.

The transverse distortions of the cross section at the middle
of the center span are shown in Figure 20 for the three load
cases. Load case 3 is now found to produce the most severe
response. The inner web loading tends to distort the cross
section in the same direction as the dead load and prestressing.
The combined effect is to cause rapid deterioration in the
transverse flexural rigidity of the cross section. Initial cracking
due to transverse flexure was observed at the middle of the
center span at the very first load step of P = 1.0. This was
followed by transverse flexural yielding at the same location at
P =2.5. Beyond P = 2.5, the transverse distortions increased
rapidly as the transverse flexural yielding spread longitu-
dinally. At the ultimate load of P = 4.0, the yielding spread to
about 82.5 ft from the middle of the center span. The trans-
verse distortions for load cases 1 and 2 are seen in Figure 20 to
be much smaller than those for load case 3. No serious deterio-
ration in the transverse flexural rigidity was observed for either
of these load cases.

The prestressing steel segment stresses at two critical loca-
tions, one near the middle of the center span and the other near
the interior support, are shown in Figure 21 for load cases 1
and 2 and in Figure 22 for load case 3. For each location, the
prestressing siresses in both webs are shown. The differences
between the initial stresses in the two webs are very small
because the higher wobble friction losses in the outer web

TRANSPORTATION RESEARCH RECORD 1180

more or less balance out the higher curvature friction losses in
the inner web.

The load levels at which initial cracking of concrete fila-
ments was observed at the middle of the center span and at the
interior support are summarized in Table 3. These cracking
loads can be identified in Figures 21 and 22 as the points at
which large increases in the tendon stresses occur.

The differences between the tendon stresses in the two
webs, evident in Figures 21 and 22, provide further insight into
the behavior of the bridge under the three different loading
conditions. A higher tendon stress in one or the other web
indicates (hat a greater proportion of the load is carried by that
web. Figure 21a shows that for load case 1, a greater propor-
tion of the load is carried by the inner web near the middle of
the center span. Near the interior support, the outer web carries
a greater proportion of the load. However, the small dif-
ferences between the tendon stresses in the two webs at both
locations also indicate that the centerline truck loading is
distributed fairly uniformly across the width of the bridge. In
Figure 21b, practically equal proportions of the outer web
loading are found to be carried by the two webs near the
middle of the center span. Near the interior support, the outer
web carries a considerably greater proportion of the load.
Figure 22 shows that for load case 3, increasingly greater
proportions of the inner web loading are carried by the inner
web with increasing load levels. At both critical locations, the
differences between the tendon stresses in the two webs in-
crease rapidly after the initiation of concrete filament cracking.
Near the middle of the center span, the outer web tendon
stresses in fact start to decrease near the ultimate, whereas the
inner web tendon stresses continue to increase rapidly. The increas-
ing deterioration in the ability of the box section to distribute
the eccentrically applied inner web loading transversely is due
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FIGURE 20 Example 2: load versus transverse distortlon of cross section at middle of

center span (load cases 1-3).
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TABLE 3 SUMMARY OF CRACKING

LOADS
LUAD | INITIAL CRACKING [ INITIAL CRACKING
CASE AT MIDDLE OF
'CENTER SPAN | INTERIOR SUPPORT
CENTERLINE P=15 [ P =34
LOAD
OUTER WEB | P =20 \ P =30
LOAD
INNER WEB P=15 P =32
LOAD
=L . = o — |

to the rapid deterioration in the transversc flexural rigidity of
the bridge.

CONCLUSIONS

The capabilities and usefulness of the proposed analytical
method for curved prestressed concrete box girder bridges
have been amply demonstrated. The nonlinear analysis pro-
cedure is shown to be capable of capturing the dominant
structural behavior in the elastic, inelastic, and ultimate load
ranges. Internal strains and stresses in concrete, reinforcing
steel, and prestressing steel can be determined at all loading
stages. Useful information on overload behavior and ultimate
strength can be obtained from such a detailed analysis. De-
pending on the structure and the loading, warping, distortional,
and torsional effects can influence structural behavior signifi-
cantly. They not only affect the internal force distribution
within the box structure, but also may govern the failure mode
and the ultimate load.
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Design and Construction of Transversely
Posttensioned Concrete Bulb

Tee Beam Bridge

James J. HiLL, LAURIE G. McGInNIs, WiLLIAM R. HUGHES,

AND ARUNPRAKASH M. SHIROLE

A six-span prestressed concrete bulb tee beam bridge, de-
signed to eliminate the need for a conventional cast-in-place
concrete deck, was constructed in Minnesota in 1986. Two end
spans of this 484.7-ft (147.8-m) long structure were 70 ft (21.3
m) clear, and four Interior spans were 85 ft (25.9 m) clear.
Bars 1 in. (2.54 cm) in diameter were used to transversely
posttension 6-ft (1.8-m) wide top flanges of five 40-in. (100-cm)
deep bulb tee beams. A slip-formed, cast-in-place, reinforced
concrete ralling limited required formwork to only the low-
slump wearlng course, expansion devices, and pier di-
aphragms. A 2-In. (5.1-cm) minimum concrete overlay
provided a good riding surface. Construction of this structure
was completed In Just 5 months at a cost of $450/yd® ($538/m?),
with a savings of about 25 percent over a conventional design.

This discussion covers the design and construction of a six-
span prestressed concrete bulb tee bridge that was built at the
Northern States Power Company plant in Red Wing, Min-
nesota, in 1986. The bridge consisted of two 70-ft (21.3-m)
spans and four 85-ft (25.9-m) spans, with an overall length of
484.7 ft (147.8 m). Five bulb tee beams, each 6 ft (1.8 m)
wide, placed side by side constituted the deck width. Final
deck width of 30.3 ft (9.2 m) included a 3-in. (7.6cm) ac-
cumulation of horizontal beam total curvatures resulting from
fabrication (Figure 1).

GEOMETRIC CONSTRAINTS

Several vertical constraints required grades of 6.05 and 5.38
percent with a sharp vertical curve of 140 ft (42.7 m) over a set
of railroad tracks. One constraint was a minimum vertical
clearance of 23 ft (7.0 m) over the railroad tracks. The railroad
also required a minimum horizontal clearance of 22 ft (6.7 m).
Another constraint was the elevation difference of 40 ft (12.2
m) between the power plant yard and Trunk Highway 61
(Figure 2).

Spans at all five piers were fixed, and expansion was taken
up completely at the abutments because of steep grades. Strip-
seal-type expansion devices were used, which allow a total
expansion of 6 in. (15.2 cm).

J. J. Hill, Minnesota Department of Transportation, Room 615, Trans-
portation Building, John Ireland Boulevard, St. Paul, Minn. 55155.
L. G. McGinnis and W. R. Hughes, Howard Needles Tammen &
Bergendoff, 6700 France Avenue South, Minneapolis, Minn. 55435.
A. M. Shirolé, City of Minneapolis, 203 City Hall, Minneapolis,
Minn. 55415.

FOUNDATION CONSTRAINTS

The elevation differential of bedrock at the bridge site pre-
sented another design obstacle. At the south abutment and
adjacent pier 1, footings were keyed directly into bedrock. At
the other four piers and the north abutment, steel H-piles
driven to bedrock were used.

A special hinge was placed in the column base of pier 1 to
allow the pier to rotate longitudinally (Figure 3).

AESTHETICS OF PIERS

To minimize costs and achieve aesthetically pleasing piers, a
common hammerhead cap on a 10- by 3.75-ft (3.0- by 1.1-m)
shaft with rounded ends was chosen. Horizontal rustication
was placed on the shaft at 4-ft (1.2-m) intervals to enhance the
aesthetic appeal.

UNIQUE DESIGN FEATURES

In the conventional method for holding bulb tee beams to-
gether welded bar ties are spaced on 4-ft centers, which gener-
ally results in longitudinal joint cracks. The design of this
bridge used transversely posttensioned bars instead. To accom-
plish this, bulb tee beams were fabricated with 3-in. (7.5-cm)
diameter galvanized metal spiro ducts. The ducts were cen-
tered in the top flange 3.38 in. (8.6 cm) from the top of the
beams.

The bulb tee beams were standard shapes, 40 in. (101.6 cm)
deep with 6-in. (15.2-cm) wide webs (Figure 4). These beams
were longitudinally pretensioned to the required loads with
0.5-in. (1.25-cm) diameter low relaxation strands.

Blockouts of 4.75 by 10.25 in. (12.0 by 26.0 cm) were
placed in the outside edges of the facia beams for anchorage
assemblies. Vertical 0.83-in. (2.1-cm) grout tubes were con-
nected to spiro ducts in facia beams under the railing.

Actual spacing of the metal spiro ducts was 2.92 ft (88.9
cm). All the reinforcement, including tie wires in the bulb tee
beams but not the low-relaxation strands, was epoxy coated.

Two lifting cranes were needed to handle and place beams
that weighed 34.5 and 41.4 tons (34.0 and 40.7 metric tons).
Because these beams were placed at a slight slope to follow
the final roadway transverse slope, special bearing plates were
used.
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greatly reduced by placing and using two additional lifting
device points in adequately redesigned cantilever sections of
the beam flange. Differential camber was not experienced as a
problem. Joint openings between beams and vertical match-up
of spiro ducts were negatively affected by the handling tech-
niques of one pick point on each end of the beams. However,
all transverse posttensioning bars were easily pushed through
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FIGURE 3 Hinge detail at base of pier 1.

FIGURE 4 Typical beam section.

The bearing plates were tapered in two directions to take
into account longitudinal grade and transverse crown slopes of
the roadway. Use of longitudinally curved plates in the bearing
assemblies ensured good bearing on the elastomeric bearing
pads. There were some difficulties in placing and tilting beams
correctly on the bearing assemblies. These could have been

In order to minimize rotational stresses at mid-span of the
facia beams, steel intermediate transverse diaphragms were
used at the middle of the spans. Concrete diaphragms were
used at abutments and picrs to restrain beams against lateral
rotation at these locations. Design of each bulb tee beam for
live load was based on Section 3.23 of the American Associa-
tion of State Highway and Transportation Officials
(AASHTO) specifications. Beams were longitudinally preten-

S et | ¢ TuBE sioned using 22 low-relaxation 0.5-in. (1.27-cm) diameter
:_{ k 5 i 3" TUBE H‘EXTEN. {TYP.) strands for the short end spans and 34 low-relaxation 0.5-in.
1: — ——— diameter strands in the longer interior spans. Six and 14
—~—— strands were draped in the end-span and center-span beams,
T J _ respectively, to maintain compressive stresses in the concrete
i &S 21 _— EEE ?EZS(I:IE o below an allowable stress value of 2,400 psi (16 540 kPa)
ol - o e based on F’c of 6,000 psi (41 360 kPa).
w . ;.._9.. 8
H JOINTS BETWEEN BEAMS
a0 |

A 2-in. (1.5-cm) wide by 4-in. (10.2-cm) deep notch along the
interior longitudinal edges of the top flange formed a joint key
between the beams. This standard joint key accounted for the
horizontal bowing of heams that results from fabrication and
handling. During construction, a polystyrene rope was worked
down into the joints between the beams to hold the grout
above it. Because this opening between beams varied, it was
recommended by construction personnel that a rubber tee or
equivalent be used on future jobs (Figure 5). Couplings were
used initially to reduce leakage and intrusions into the ducts
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during placement of mortar grout. On the final spans, the
contractor simply secured the spiro-duct joints with tape. This
procedure worked fairly well during pressure grouting;
however, use of couplings would ensure tight joints.

The joint key between the beams was filled with concrete
nonshrink grout with the appropriate admixtures. This grout
was required to have 6,000-psi strength (based on a maximum
water/cement ratio of 0.45) before transverse posttensioning.

TRANSVERSE POSTTENSIONING DESIGN
AND DETAIL

The contractor used threadbars 29.67 ft (9.0 m) long with 1-in.
diameter to posttension the beams transversely. These thread-
bars were epoxy coated, except for their heads. Steel anchor
plates 4 by 8.25 by 1.5 in. (10.2 by 21.0 by 3.8 cm) thick were
used to bear against the concrete and maintain the concrete
stress of less than 3,000 psi (20 680 kPa). All contact surfaces
and the hexagonal anchor muts were uncoated to achieve
uniform and consistent stresses in the threadbars. The thread-
bars, which were spaced at 2.92 ft (88.9 cm), were tensioned
to 101,000 Ibf (45 810 kgf) progressively across each span.
This force was required to pull the beams together and prevent
tensile stresses at the longitudinal joints. Threadbar elongation
was calculated at 1,375 in. (3.5 cm), with an anchor set of 0.06
in, (1.52 mm). All exposed uncoated surfaces were epoxy
coated after posttensioning. The actual elongations were mea-
sured at 1.375 in. (3.5 cm) when the jacking force of 101,000
Ibf was achieved.

GROUTING OF SPIRO DUCTS

In the first attempts at grouting the spiro ducts with a cement-
and-water mixture under 100 psi (698 kPa) pressure, the grout
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was blown out of the joints. A commercial grout mix pumped
into the ducts at 80 psi (552 kPa) proved to be effective. Grout
was pumped into one end of the spiro duct through one grout
tube and air was let out of the other end of the spiro duct
through the opposite grout tube.

RAILING AND WEARING COURSE

To further reduce construction time, Type J railings were
placed by slip forming, which is a common practice in Min-
nesota. To take up the unevenness in the beam surfaces, a 2-in.
(5.1-cm) low-slump dense concrete wearing course was ap-
plied as a final riding surface.

CONSTRUCTION ADVANTAGES

Use of the foregoing special time-saving construction tech-
niques and absence of deck forming resulted in a construction
time for the bridge of only 5 months. This is about half of the
conventional construction time for a bridge of this size. An-
other significant advantage was that the actual construction
cost of the bridge was $450/yd? ($538/m?) of deck surface. A
conventional bridge of this type in Minnesota would have cost
about $65/ft> ($70/m?), which amounted to about a 25 percent
savings in the cost of construction.

CONCLUSIONS

e During the first year of service, no cracks appeared in the
concrete wearing surface over the longitudinal joints.

e This type and size of bridge construction requires only
one construction season of 6 months.

o Cost savings of 20 to 25 percent may be achieved using
transversely posttensioned deck bulb tee beams.

o Maintenance costs would be lower because of the smaller
amount of exposed steel and lack of joint weldments, which
easily fatigue and break.

o Rubber tees, if used in the joints between beam flanges,
would provide a tolerance of up to 1 in. to properly cover
differential openings between the beams.

e Additional handling devices should be used in properly
designed beam flanges to facilitate tilting and placement of the
beams on their bearing supports.

Publication of this paper sponsored by Committee on Concrete
Bridges.
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Transverse Load Distribution in a 536-ft

Deck Arch Bridge

DaviD R. ANDERSON, RICHARD M. JOHNSON, AND ROBERTO LEON

An Instrumentation and load-testing analysis of the 536-ft,
two-span, open spandrel arch-rib Hennepin Avenue Bridge
over the Mississippi River in Minneapolis, Minnesota, was
conducted to measure the transverse load distribution among
the six arches of the bridge and to determine whether the
buckled webs of the arch ribs carry any load. When the
structure was rated for Hennepin County in 1983, the load
distribution and the ability of the buckled web plates to carry
axial stress were questioned. Thus, an instrumentation anal-
ysls under static load was performed. The bridge was instru-
mented with 18 straln gauges and was loaded with three 27.5-
ton tandem dump trucks positioned in nine different loading
arrangements. Strain readings were averaged for each loading
to determine the magnitude of load carried by each arch rib
and then compared with a computer-modeled (linear) trans-
verse distribution. It was found that the arch ribs carried not
only axial stress, but also stress due to bending moments. It
was concluded from the study that the floor beams and di-
aphragms do not transfer loads from one side of the bridge to
the other. The results of the web testing demonstrated that a
nominal axial load was being carried by the web, and that,
although buckled, it was working effectively through a ten-
sion-field mechanism similar to that of a simple truss.

The Hennepin Avenue Bridge (S.B. 90589) over the Mis-
sissippi River in Minneapolis, Minnesota, is a historically
significant, unique structure functioning as the second-longest
solid arch-rib bridge span known to be in use today. Although
this is the third bridge on this site, its earliest predecessor was
the first recorded bridge across the Mississippi River. Con-
structed directly north of the Falls of St. Anthony and situated
between the Burlington-Northern Railroad flats area and Nic-
ollet Island, the steel arch bridge is now part of the St.
Anthony Falls Historic District, birthplace of the City of Min-
neapolis. The bridge continues to function as a major transpor-
tation artery linking downtown Minneapolis with the northern
and eastern metropolitan areas.

Of historic and technical significance, the steel bridge was
constructed in longitudinal halves, with two 258-ft spans and
supports, a 56-ft roadway, and two 12-ft sidewalks. The north
half of the bridge was constructed in 1888 of 3 three-hinged
arch ribs. In an attempt to reduce deflections and vibration, the
design of the south half of the bridge was revised from a three-
hinged to a two-hinged arch. The combination of three- and
two-hinged solid arch ribs is the most unusual structural fea-
turc of the historic bridge.

D. R. Anderson and R. M. Johnson, Howard Needles Tammen &
Bergendoff, 6700 France Avenue South, Minneapolis, Minn. 55435.
R. Leon, Department of Civil and Mineral Engineering, University of
Minnesota, 500 Pillsbury Drive S.E., Minneapolis, Minn. 55155.

An instrumentation and structural analysis of the Hennepin
Avenue Bridge was undertaken in mid-1983 to determine its
load-carrying capacity and the feasibility of rehabilitating the
bridge. During the field inspection, many arch-rib web plates
were found to be bowed or buckled out of their vertical plane.
Therefore, the ability of the buckled web plates to carry
compressive loads was questioned. During the structural anal-
ysis, it became apparent that the methods (and effectiveness)
of transferring live loads in the transverse direction between
the arch ribs were ambiguous. As a means of establishing the
transverse load distribution and determining the ability of the
buckled web plates to carry compressive loads, the bridge was
monitored with strain gauges under known loading conditions.

‘What follows is an overview of the structural nomenclature
of the Hennepin Avenue Bridge, a cursory summary of the
instrumentation procedure, and a discussion of conclusions
reached as a result of the study. The basis of this paper is a
report prepared in June 1984 (1).

BRIDGE DESCRIPTION

Figures 1 and 2 show the structural components of the Hen-
nepin Avenue Bridge in typical section views and the nomen-
clature used throughout this paper to describe the components.
A brief description of the individual components follows:

1. Batten plates: These plates (splice plates) are composed
of 3/e-in. steel and serve to keep the individual arch-rib panels
in place.

2. Diaphragms: The diaphragms are located at each panel
throughout the bridge between the arch ribs.

3. Sway bracing: The sway bracing (diagonals) runs diago-
nally between the top and bottom of adjacent spandrel col-
umns. These are circular rods with turnbuckles for length
adjustment. Because of their slendemess, they transmit only
tension forces.

4. Wind bracing: The wind bracing consists of round bars,
again with tumbuckles. This bracing is located in the same
plane as the top and bottom flanges of the arch ribs and forms
an X within each panel. Similar to the sway bracing, these
members transmit only tension forces.

5. Web plates: These plates are riveted between the flange
angles to form the web of the arch rib.

6. Floorbeams: These members carry the stringer loads to
the spandrel columns. The floorbeams are hinged at the center
of the bridge as a direct consequence of the original staged
construction, and thus provide no moment transfer at that
point.
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Figures 2 and 3 show a typical arch section and a plan and
elevation view of the bridge, respectively. It should be noted
that the arch ribs are not continuous members but a series of 42
panels constructed segmentally. This design feature limits the
arch’s ability to function as a beam (i.e., to carry bending
stresses).

INSTRUMENTATION GOALS

The mechanism by which loads are transferred in the trans-
verse direction and the effectiveness thereof were initially
questioned after the following observations were made:

e Section properties of each arch are dissimilar by original
design;

o Three of the arches are two-hinged, and three are three-
hinged;

e Conventional analysis demonstrated that exterior arch
ribs carried more load than design specifications would allow;

e A two-dimensional analysis could not accurately model
all structural members, given the complicated three-dimen-
sional aspects of the bridge; and

¢ Tension-only members, loose members, and the rigidity
of connections are conditions that vary throughout the bridge.
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As previously mentioned, it was thought that the web plates
would carry little, if any, compressive loads because of their
buckled condition, It was speculated that the flange plates
would accept additional loads and would therefore be stressed
at a higher level than would otherwise be expected.

PURPOSE OF TESTING

The purpose of the testing was to monitor the bridge under a
known loading condition. This would provide a correlation
between the loads applied to the bridge and the corresponding
strains (and hence stresses) in each of the arch ribs. This
information would allow the prediction of the loads accepted
by each of the arch ribs under a given loading condition and
the documentation of the transverse distribution of loads. In
addition, the web plates were monitored to determine whether
they were contributing to the arch-rib section in a normal
manner and accepting some of the compressive loads.

TESTING PROCEDURES

The Department of Civil and Mineral Engineering at the
University of Minnesota was retained to provide the instru-
mentation for the load test. A total of 18 strain gauges were
installed in a line near the east abutment, 18 in. from reference
point 40 on panel 40 (see Figure 3). Twelve of the gauges were
installed on the flanges of the main plate girders, with all the

bottom flanges instrumented on the inside face and the top
flanges on the outside face. The top flange gauge in Arch 4
was placed on the inside face because of the unevenness of the
outside face. Three gauges were installed on two web faces at
angles of approximately —45, 0, and +45 degrees to the hori-
zontal (strain gauge rosette) in areas where the web was
buckled. An external dummy gauge was also used to compen-
sate for the temperature variation throughout the duration of
the loading.

Three dump trucks, each with a gross weight of 27.5 tons,
were used to produce nine different test load patterns. Some of
the load patterns were mirror images. This was to see whether
the load distribution from one longitudinal half of the bridge to
the other was symmetric about the middle. The strain gauges
were read twice during each load position and were then
rezeroed before the beginning of the next loading.

TEST FINDINGS

The data obtained during the testing were recorded and inter-
preted as follows:

1. The live load distribution between the arch ribs could be
approximated from the data provided. Careful analyses of the
magnitude of forces and moments were made to ensure that
these quantities were reasonable. It should be noted that given
the buckled condition of many of the webs, the usual assump-
tion of a linear strain distribution is questionable. The readings
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obtained from the midweb horizontal gauges suggested a dis-
tribution very different from that expected by a straight line
distribution between the top and bottom flange gauges. It was
therefore concluded that calculations using linear-elastic the-
ory and the measured strains would not be expected to corre-
late well with the results of a linear-elastic analysis of the
structure using the entire section properties.

2. The plates making up the arch ribs carried not only
compressive stress, but also stress from bending moments. The
trends through the test clearly showed that the compression
produced by the dead loads on the bottom flange was relieved
by the live loads. The results indicated that the arches were not
acting as simple compression members.

3. The webs, although buckled, seemed to be working
effectively through a tension-field mechanism. Thus, the webs
were able to transfer forces by forming diagonal bands in
tension, which resulted in a structural action similar to that of a
truss. If this model is correct, the flanges are likely to be
carrying higher stresses than the elastic theory would predict,
whereas the webs are carrying lower stresses. This was sup-
ported by the experimental observations, which indicated that
although very little or no force was present in the horizontal
direction at the mid-depth of the web, the gauges at 45 degrees
to this direction showed significant levels of stress.

4, The floor beams, diagonals, and diaphragms did not
seem to transfer significant forces from one side of the bridge
to the other; when the loads were placed on only one side of
the bridge, very little load was transferred to the outside arch
at the other side.

5. Investigation and analysis of the lack of rigidity of the
panel point connections between the members making up the
arches, although these connections do have a finite rotational
stiffness, resulted in slightly lower moments and higher axial
loads, but not by more than 10 to 15 percent. The main
difference in these analyses came from the deflections, which
began to increase rapidly as the rotational stiffness was dimin-
ished. As the stiffness was reduced to about 1,000,000 kips/
radian, the centerline deflection of the arch with a truck (55-
kip) load at joint 3 increased to about 5.5 in.

Inclement weather and technical problems were experi-
enced during the instrumentation of the Hennepin Avenue
Bridge. Ambient temperatures during the test dates in Decem-
ber 1983 averaged +20°F, which created problems with the
attachment of strain gauges. Falling debris from the steel
grating that served as the bridge deck made working condi-
tions hazardous. The strain gauge placed on the bottom flange
of Arch 2 failed just before the testing, preventing a complete
independent measurement of the load distribution on one of
the arch ribs. Financial considerations limited the level of
instrumentation effort, and lack of equipment prevented dy-
namic load testing.

The recorded strain values were smaller than desirable to
achieve precise analysis. The presence of utilities on the
bridge also resulted in significant electrical noise. However,
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the values obtained were determined to be valid for the pur-
poses of the test. Additional test load weight on the bridge
would have provided larger strain values, but also presented
the danger of permanent structural damage.

SUMMARY

The unique two-hinge and three-hinge arch design of this 100-
year-old bridge made the determination of live load distribu-
tion an obvious issue. The limited bending capacity of the
critical arch members because of their *“‘segmental design,”
the badly deteriorated batten plates, the known decreases in
structure dead load and increases in live load, and the buckled
web plates all made the issue of load distribution a critical one.
For a meaningful evaluation of the bridge, a determination of
the load distribution was required.

The instrumentation of the bridge was successful in provid-
ing data for making better decisions about the key issues of
transverse distribution and buckled web behavior.

The successful testing also played a major role in the rating
of the bridge. It was determined that the entire section of the
arch was not contributing to the section properties, thereby
increasing stresses in the flanges of the arches. The interior
two-hinged arch closest to the three-hinged arches was found
to be carrying more than its share, making this arch critical
over the more lightly designed exterior arches. The instrumen-
tation revealed that the compression in the lower arch flange
was being completely relieved and subjected to tension. This
last finding revealed that the seriously deteriorated batten
plates were controlling the rating. Immediate repairs to the
batten plates were required to ensure safety of the bridge.

Finally, the test findings were very helpful in developing
alternatives for possible rehabilitation of the bridge. They
confirmed that any alternative would have to address improve-
ments in relative load distribution to the arches. Alternatives
studied included regrouping of the two- and three-hinged
arches so that all the same designs would be placed in the
same spans, introducing a center longitudinal joint separating
the arch designs, and developing a stiffer deck to assist in load
distribution.
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Behavior of Open Steel Grid Decks Under
Static and Fatigue Loads

Hota V. S. GANGARAO, WILLIAM SEIFERT, AND HAGcoP KEVORK

Open steel grid decks are factory assembled, lightweight, and
easy to install. They are commonly used to rehabilitate older
bridges by belng welded to stringers, floor beams, or both.
The American Assoclation of State Highway and Transporta-
tion Officials (AASHTO) load distribution procedures for
open steel grid decks are found to be in error; hence realistic
load distribution procedures have been developed to prevent
cracking of grid deck bars and plug welds. The research work
presented here, however, deals only with the effects of main-
bar spacing, direction of main bars with respect to traffic flow,
load positlon, composite action, fatigue effects due to repeti-
tive loads and residual stress build-up in grids during fabrica-
tion, braking and accelerating forces, galvanization, and com-
posite actlon between the deck and stringer. Twenty-six grid
deck specimens were tested under static and fatigue loads.
Reduction in bending stresses due to composite action is found
to be marginal. Allowable fatigue stresses for commercially
avallable welded grid decks are found to be very close to those
glven for Category E in the AASHTO specifications. However,
heavy-duty welded grid decks subjected to fatigue loads have
developed no welded cracks after up to 1.5 milllon cycles.
Under fatigue, riveted decks have performed better than the
most common welded decks. Finally, welded decks that have
been galvanized have a longer service life than decks without
galvanization.

The rehabilitation or replacement cost of bridges in the United
States is estimated to be about $50 billion in 1982 dollars (1).
One of the most economical ways to increase the load-carry-
ing capacity of a bridge and improve its safety is to rehabilitate
the bridge deck with an open steel grid deck system. An open
steel grid deck is factory assembled and consists of main and
cross bars positioned so that they are perpendicular to each
other and mechanically interlocked and plug welded, or
riveted, at their intersections (Figures 1 and 2). Occasionally
diagonal bars are added to produce a grid of higher stiffness in
its plane.

The successful use of open grid decks can be attributed to
their light weight (approximately 16 psf), ease of installation,
decreased construction costs, ease of adaptability to the com-
posite mode of construction, and use as temporary bridges or
even as decking on movable bridges (2). Typically, open steel
grid decks are welded to their stiffening system, usually wide-
flange stringers, floor beams, or both. Because of increases in
traffic intensity as well as in volume, open steel grid decks

Civil Engineering Department, West Virginia University, Morgan-
town, W. Va. 26506-6101.

develop cracking of plug welds, which eventually leads to the
failure of cross or main bars. Such failures are primarily
attributed to poor design, which is the result of lack of under-
standing of the behavior of grid decks under static and fatigue
loads. The current specifications for bridges from the Ameri-
can Association of State Highway and Transportation Officials
(AASHTO) (3) suggest design procedures to determine both
the distribution of wheel loads within an open grid deck and
the distribution between the deck and its stiffening system. As
discussed in the literature (2, 4, 5), design procedures consider
only the stringer spacing and the number of traffic lanes. They
do not account for other parameters such as stringer stiffness
and spacing, deck stiffness, span length, composite action,
fatigue behavior, and load location. Also, the AASHTO load
distribution procedures for open grid decks (3) are in error in
that they lead to a decrease in load intensity on the main bar as
the main-bar spacing increases (2, 6). Hence, more realistic
load distribution formulas have been developed by the authors
to adequately design open grid decks for static and fatigue
loads and to improve their service life. These distribution
formulas are of two types: within an open steel grid deck and
between the grid deck and steel stringer.

The major objective of this research paper is to present
details on the behavior of open steel grid decks under static
and fatigue loads so that designers can have a more complete
understanding of the overall performance of the grid deck,
which would lead to reduced maintenance costs. More specifi-
cally, research work is presented that evaluates deck perfor-
mance with reference to main-bar spacing, direction of main
bars with respect to traffic, braking-force effects, load range,
composite action of the deck, type of deck, galvanization,
effects of residual stress, static performance after fatigue load-
ing, and load influence on adjacent panels.

A comprehensive experimental testing program has been
devised and the aforementioned problem parameters have
been varied in a systematic manner to study their influence on
the overall behavior of grid decks. The scope of this paper is
limited to the behavior of open steel grid decks under static
and fatigue loads. The design formulas derived from the infor-
mation gained during this research are presented in a separate
paper for the sake of clarity and brevity. More comprehensive
details on both the behavior and design equations may be
found in the final report, available from the West Virginia
Department of Highways or Bridge Flooring Manufacturers
Association of Pittsburgh, Pennsylvania (7).
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TEST SETUP AND SPECIMEN TESTING

A schematic diagram of a typical test setup is shown in Figure
3. A typical setup consists of an open grid deck placed over
steel stringers and stiffened by steel floor beams. The floor
beams are supported on concrete blocks, which are placed
directly under each stringer. The load was applied through a
hydraulic ram for static tests and through a closed-loop MTS
actuator for fatigue tests. The loading was spread over a 10- by
20-in. area of the grid deck with steel plate and elastomeric
pad for proper simulation of dual wheel loads. Some experi-
ments were conducted by using a wedge effect on the actuator
or ram to simulate the in-plane forces due to braking or

SECONDARY BAR (C' BAR)

PRIMARY BAR (M’ BAR)

[ MANUFACTURER RESERVES THE
RIGHT TO MAKE MINOR CHANGES
FOR PRODUCT IMPROVEMENT
*SUBJECT TO MILL TOLERANCES

accelerating of trucks on grid decks. The grid decks are
welded either fully or partially to the stiffening system to study
their composite behavior. Additional details are given in the
final report (7).

Three typical specimen sizes (6 by 10 ft, 16 by 7.58 ft, and 6
by 24 ft) are used in the tests for static and fatigue loads. To
date, a total of 26 different static and fatigue tests have been
conducted on various commercially available grid decks (di-
agonal and riveted decks with main-bar spacing of 4, 6, and 8
in., and a 5-in., four-way grid deck). These open grid deck
specimens were randomly chosen from the general stockpile
and were not specifically fabricated for the test purposes. The
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5-in., four-way grid deck was introduced on the basis that in-
plane force resistance and rideability would be better with this
grid than they are with the rectangular grids. However, it was
not recognized that the concentrated force transfer from the
diagonal bars to the center of the cross bars would be detri-
mental to the fatigue resistance.

Static tests on each panel were conducted by applying
incremental loading from O to 30 kips, whereas fatigue tests
were performed with the aid of a 50-kip capacity MTS system
with stress ranges from 8 to 37.8 ksi and a maximum of 1.5
million cycles. It should be noted that static tests were per-
formed on specimens subjected to repetitive loads at the end of
every 50,000 cycles to measure the specimen degradation due
to fatigue cracking.

Strain and dial gauges were mounted at several locations on
grid decks and also on stringers and floor beams. In addition,
residual stresses in the grid decks were measured through a
strain relief test devised and perfected by the authors (7).

TEST RESULTS AND SYNTHESIS

Static and fatigue tests of open steel grid decks stiffened by
steel stringers were performed in the Major Units Laboratory

A 4| CONCRETE [4: %

= b

.-
B

of the Civil Engineering Department at West Virginia Univer-
sity. The effects of 10 different variables were systematically
researched for steel grid decks under static and fatigue loads.
These variables are main-bar spacing, traffic flow with main-
bar direction, braking force effects, range of applied loads,
composite action of grid deck and steel stringers, type of deck,
galvanization, residual and induced stress effects, static versus
fatigue behavior, and applied load influence on adjacent grid
panels.

Main-Bar Spacing

Test results of grid decks with main-bar spacing of 4, 6, 7'/,
and 8 in. revealed that deck deflections and main-bar stresses
increased with spacing. The variation in deflections and
stresses is shown in Table 1. The data indicate that stiffness of
open grid decks decreases with increases in main-bar spacing.

Traffic Flow with Main-Bar Direction

Varying the direction of traffic with respect to the main bars on
a grid deck-stringer system revealed no significant variation in
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TABLE 1 STRESSES AND DEFLECTIONS
CORRESPONDING TO 20-KIP LOAD

Stresses on Main Bar

Main-Bar (ksi) Deflection
Spacing of Main
(in.) Top Bottom Bar (in.)
4 13.8 12.9 0.108

6 25.0 19.6 0.116
7.59 20.8 21.3 0.128

8 27.2 19.4 0.157

Note: The open grid flooring consisted of commercially available
panels fabricated from ASTM A 588 steel with allowable steel
stress fs of 27 ksi. This value was suggested by the manufacturers
(Greulich, Inc., Belleville, N.J.). Properties of main bars whose
spacing is 4, 6, and 8 in.:
Weight = 6.09 1b/ft; I = 5.108 in.4; depth = 5.196 in. (see Figure
2); cross-bar and supplementary-bar sizes are 2 X /s in. and 1 x
5/16 in., respectively.
Properties of main bars whose spacing is 7.5 in. (5-in., four-way
grid):
Weight = 4.83 1b/ft; / = 4.137 in.4; depth = 5.188 in.; cross-bar,
supplementary-bar, and diagonal-bar sizes are 2'/16 X ¥fes in., 1
X 7f32 in., and 1 X /32 in.
Additional details of open steel grid deck panels are shown in
Figure 2, and other design information can be obtained from the
manufacturer’s catalogs, which can be obtained from the Bridge
Grid Flooring Manufacturers Association, 231 South Church
Street, Mount Pleasant, Pa. 15666.
9Bending stresses and deflections increase with increases in bar
spacing except when the main-bar spacing is 7.5 in. This grid
deck has diagonal bars and supplementary bars that alter the load
distribution within the deck. For additional explanations, see final
report (7).

deflection. However, moment variations in the main bars of a
4-in. spaced deck were found to be about 11 percent for two
identical grid decks, one set up with main bars parallel to and
another with main bars perpendicular to traffic (see Table 2).
Such a difference in moments is attributed to the presence of
five main bars under the load in the parallel direction and only
two in the perpendicular direction. Typically, strain and deflec-
tion measurements tend to be larger when the main bars are
perpendicular to the traffic flow than when the main bars are
parallel to the traffic flow.

Braking Force Effects

Braking or accelerating forces were simulated in the labora-
tory by using a wedge under the wheel load that transfers a
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portion of the applied vertical load in the plane of the grid.
When in-plane forces act along the length of the main bar, they
induce compressive stresses that are superimposed on com-
pressive stresses induced from vertical wheel loads. However,
if braking forces are perpendicular to the main bars, they
dissipate a portion of the main-bar stress, and in this case, in-
plane compressive forces are induced on a portion of the top of
the cross bars. Similarly, tensile forces are induced on other
portions of the cross bars. Therefore, the critical wheel load
position is when the traffic is parallel to the cross bars, because
these are found to be most vulnerable to failure under fatigue-
induced loads. The design equations developed reflect this
critical load position.

Range of Applied Loads

The fatigue life (number of cycles) in the case of constant
amplitude load testing decreases with an increase in bending
stress range. This can be found from the results given in Table
3, Commercially available grid decks subjected to fatigue
loads showed no crack propagation at stress ranges below 10
ksi. The most significant factor controlling fatigue life of a
welded grid deck is the spacing of the main bars; for example,
the fatigue life of a deck with 4-in. main-bar spacing was
700,000 cycles versus 500,000 cycles for a deck with 6-in.
main-bar spacing. All the fatigue cracks were formed at the
tops of the cross bars. The cracks were perpendicular to the
longitudinal direction of the cross bars and very close to the
main- and cross-bar junctions. This implies that bending stress
on cross bars is the predominant factor in the fatigue failure of
grid decks. The cross bar does not have a uniform cross
section because of notches; thus, these experiments revealed
that the effective moment of inertia is based on only 70 percent
of total height.

The standard bending stress range of cross bars versus the
number of cycles (S-N curves on a log-log scale) for welded
grid decks was developed on the basis of the experimental
information derived from this study. From these test results, it
is concluded that a welded grid deck system (excluding 5-in.,
four-way grids) stiffened by being welded to stringers,
floor beams, or both can be classified under Category E of the
AASHTO specifications (see Figure 4). The controlling factor
is the bending stress range of the grid cross bars subjected to a
typical truck load, in which the transverse load distribution
factor has to be determined in accordance with the formula
developed by the authors (7).

TABLE 2 EFFECT OF DIRECTION OF TRAFFIC WITH RESPECT TO MAIN BARS

Moment (kip-in.) by

Deftection (in.) by

Direction of Traffic Direction of Traffic
Main-Bar
Bridge Spacing Parallel to  Perpendicular Parallel to  Perpendicular
Component (in)) Main Bars  to Main Bars Main Bars  to Main Bars
Main bar 4 23.78 26.79 0.100 0.104
Cross bar 6 5.07 5.07 0.298 0.299
Stringer 6 398.05 398.05 0.174 0.178

Note: The 20-kip load is positioned at midspan and centered between the stringers. Moments are
computed from the strain readings. The change in direction of traffic from parallel to perpendicular is
simulated by rotating the 10 x 20-in. loading plate over a 90 degree angle. All cross bars (2 X Y4 in.) have

a center-to-center distance of 4 in.
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TABLE 3 STRESS RANGE VERSUS

FATIGUE LIFE
Constant
Main-Bar Amplitude Fatigue Life
Spacing Stress Range (cycles to
(in.) (ksi) failure)
6 154 500,000
4 135 700,000
4 114 750,000
4 8.5 1.5x106

Notr: All fatigue tests are performed on 6- x 10-ft
open steel grid decks stiffened by three W10>x22
stringers, two at the ends and one in the middle
with 5-ft spacing. Frequency of fatigue load is 1.6
Hz. A dual tire loading is simulated over an area of
10 x 20 in. and is applied by means of a 0.5-in.-
thick steel plate and elastomeric rubber pad.

A more realistic approach in designing a welded grid deck
for fatigue resistance is to properly account for residual stress
effects as well as induced stresses (see section headed Re-
sidual and Induced Stress Effects), which are due to differen-
tial elevation between stringers or curvature variations within
a grid deck. The authors found that if the vertical axis of the
S-N curve is represented by a log value of the maximum stress
(maximum stress in a member from applied loads plus residual
stress, which varies with bar spacing and pattern, plus induced
stresses), the design S-N curve for welded decks has to be
classified as Category A (see Figure 4). Once again, the test
data were extensively synthesized before this conclusion was
derived; additional information may be found in the final
report (7). From the design viewpoint, it would be ideal to
shim the gaps between the grid deck and the stringers over the
full stringer flange width before welding. If the deck is not
properly supported by stringers or is forced down for welding,
the induced stress will be high and detrimental to service life.

Composite Action of Grid Deck and Steel Stringers

Before presentation of the details on composite action, it
should be noted that the term ‘‘composite action in this paper
always refers to the effect of the grid deck on a supporting
stringer that is transverse to the main bar of the grid deck.

TRANSPORTATION RESEARCH RECORD 1180

Results in Table 4 indicate that, under static loads, a maximum
increase of about 8 percent in the composite action of the grid
deck~stringer system is observed when every fourth main bar
is welded to the stringers as compared with the noncomposite
deck-stringer system. However, other results in Table 4 indi-
cate that there is no significant increase in composite action
when every second bar is welded to the stringers instead of
every fourth bar. Hence, it would be economical to weld only
every fourth bar. Two identical decks were tested under identi-
cal fatigue loads; one deck has a noncomposite system and the
other has every fourth main bar welded to the stringers. At the
end of a million fatigue cycles, the noncomposite deck lost
twice as much stiffness as the deck that was sparsely welded to
the stringers, which leads to the conclusion that deck service
life under fatigue improves when the deck is welded to the
stringers.

Type of Deck

Load deformation tests were performed on welded as well as
riveted decks. No fatigue failure was observed on riveted
decks even after they were subjected to 1.5 million cycles.
This may be attributed to frictional damping in riveted decks.
Nevertheless, crack initiation takes place in most welded
decks at about 400,000 to 500,000 cycles at high stress ranges
because of high stress concentrations or stress raisers near
reentrant angles, residual stress buildup during fabrication, and
large openings in main bars. However, riveted decks are found
to be more flexible than welded decks. This is attributed to
excessive slack in a riveted deck system.

Galvanlzation

Two identical grid decks (with and without galvanization)
were tested under identical fatigue load ranges. A fatigue
life of 1 million cycles was observed for galvanized decks,
whereas 700,000 cycles was noted for nongalvanized decks. A
similar improved service life in galvanized decks was noted
through field observations (personal communication, Ackrow
Corporation, April 1987). Furthermore, a 10 percent variation
in main-bar stresses was noted at the top of the deck with
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TABLE 4 COMPOSITE ACTION

Load Deflection

Type (kips)  (in.)
Every fourth bar welded? 20 0.314
Every second bar welded? 20 0.306
Noncomposite? 20 0.133
Composite with every fourth

bar welded? 20 0.122

9Dial gauge directly under load on main bar. Test specimen
16 by 7.58 ft. with 6-in. main-bar spacing.
Dial gauge directly under load on main bar. Test specimen 6
by 10 ft with 4-in. main-bar spacing. Test grid loaded at
middle of two consecutive stringers.

identical stress at the bottom. This may be due to residual
stress relief at the top of the deck during the galvanization
process, which consists of heating to 860°F and cooling to
ambient temperatures.

Residual and Induced Stress Effects

Residual Stresses

Residual stresses in welded joints result primarily from
shrinkage due to cooling. These joints are restrained by adja-
cent parts that have not been heated to high temperatures
(1700° to 1800°F). The effects of welding-induced residual
stress in open grids are substantial. Residual stresses in grid
decks were measured in the laboratory by using electrical
strain gauges to observe the decrease in strain (and conse-
quently stress) after the removal of a welded joint connecting
the main and cross bars. Because the residual stresses are
localized at regions surrounding the weld joints, the removal
of such a region should relieve the stresses in the remaining
main and cross bars. The magnitude of residual stress in grid
decks was measured to be as high as 27 ksi, even though some
scatter was noted in the experimental data. The residual
stresses were found to be higher for decks with closer main-
bar spacing. However, for 5-in., four-way grid decks, residual
stresses are lower because of the better in-plane stress distribu-
tion provided by diagonal bars. Similarly, galvanized decks
have lower residual stresses than nongalvanized decks.

Induced Stresses

Grid decks are often not in full contact with top flanges of
supporting stringers because of differential elevations of
stringers or warping of grids during fabrication. According to
the AASHTO specifications, the grid deck should be forced
down and welded to the top flange of the stringer or floor
beam. Laboratory testing of a commercially available grid
deck with 6-in. main-bar spacing and a 34-in. differential
elevation over a 6-ft stringer spacing revealed an induced
main-bar stress of 17.3 ksi. This clearly proved that induced
stress can be very high under typical field conditions and may
create adverse effects on grid deck performance.

Static Versus Fatigue Behavior

Test results have shown conclusively that grid deck stiffness
decreases with the increase in number of cycles. However, test
results revealed that fatigue has no significant effect on welds
between the deck and the stringers. This proves that fatigue is
a local problem in open steel grid decks. The cross bars do not
rest fully on the main bars, and plug welds are not structural
welds. Hence, the deck does not act like a perfect plate (less
than 100 percent torsional moment transfer). The deck is
subjected to relative movement of bars at main- and cross-bar
junctions and also is free to move at the bottom of the cross
bars because of oversized notching in the main bars for fab-
rication purposes. This leads to additional slackness in the
deck system.

Applied Load Influence on Adjacent Grid Panels

Strain measurements were taken on all panels of the grid deck
that are continuous over the stringers, whereas the loading was
applied on one panel only. Test results revealed that the strain
and deflection effects of the load on an adjacent panel were no
more than 8 percent of the strain or deflection on the loaded
panel. Also, strain relief on the adjacent panel over the full
fatigue life of a deck is insignificant. This is a very significant
observation in the case of structures subjected to moving
loads. It implies that the interaction of loads from adjacent
panels is insignificant and that a deck can be designed on the
basis of average daily truck traffic only, without incorporating
the influence of trucks on contiguous deck panels in the deck
design.

A significant amount of research work has been carried out
to develop theoretical and design equations for load distribu-
tion, displacements, and moments in steel grid decks stiffened
by a stringer-and-diaphragm system. That work and a large
volume of experimental and theoretical data are not reported
here because of space limitations. It should be noted, however,
that the experimental and theoretical correlations are found to
be excellent; they are reported elsewhere (7).

CONCLUSIONS AND RECOMMENDATIONS

The following conclusions are drawn on the basis of the
experimental program on open steel grid decks:

1. Reduction in bending stresses due to composite action is
found to be a maximum of 8 percent when the applied load is
between stringers or at any general location.

2. Moments of a grid deck—stringer system are lower by
about 11 percent when main bars are parallel to traffic rather
than perpendicular to traffic.

3. Laboratory results indicate that the stresses and deflec-
tions of a grid deck—stringer system are lower when the main
bars are parallel to the traffic. Furthermore, main-bar direction
should be such that braking or accelerating forces are parallel
to the main bars, to avoid additional compressive stresses on
the cross bars.

4. Field-induced stresses can be very high (approximately
30 ksi), and the practice of forcing the deck to the stringer and
welding it in place should be avoided.
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5. Residual stresses obtained experimentally by material
removal tests are found to be considerable (approximately 27
ksi), and they seem to have a direct effect in reducing the
fatigue life of a deck.

6. Fatigue life (number of cycles before cracking of plug
welds) decreased with the increase in main-bar spacing and
the increase in stress ranges. An open welded grid deck system
(except 5-in., four-way diagonal grids) can be classified under
AASHTO Category E with no field-induced stresses if the
stress range is considered to be the vertical-axis parameter.
However, a more realistic approach, which covers all types of
grid decks and all the construction details, is to classify a grid
deck under AASHTO Category A by altering the vertical-axis
parameter to maximum stress, that is, the sum of maximum
stress from applied loads, residual stresses in a grid, and
induced stresses in the field.

7. Galvanized welded grid decks have a longer service life
than nongalvanized decks, which is attributed to the stress
relief caused by the galvanization process.

8. Riveted decks have a longer fatigue life for many rea-
sons, for example, fewer stress raisers, frictional damping, and
higher flexibility at junctions of the main and cross bars.

Gangarao et al.
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