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page 130
Figure 14 was printed incorrectly. The correct Figure
14 is given below.
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FIGURE 14 Linear projected visual fit service life
for inspected culverts.

page 131
Figure 15 was printed incorrectly. The correct
Figure 15 is given below.
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FIGURE 15 Log-linear projected visual fit service
life for inspected culverts.



Transportation Research Record 1210

page 12

Change item (c) in the abstract to ‘‘(c) the over-
whelming majority of children involved in accidents
were unaccompanied. . . .”’
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page 80
Replace Figure 5 with the following:

(a) Asphalt Concrete Pavement
Modifled Structural Number 3
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Note; Maintenance comprised patching of all potholes In the year
in which they appeared.
Source: Equation (3) applied through Road Deterloration and
Maintenance Submodel of HDM-II.

FIGURE 5 Roughness progression prediction curves for a
maintenance policy of patching all potholes.
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See the attachment to these errata.

Transportation Research Circular 352

Pages 5 and 6 are reversed.

NCHRP Report 311

page 17, second complete paragraph, last sentence
Insert ‘‘below’” after ““15 dB.”’

page 20
Figure 8(a) shows only oné road (interrupted flow);
Figure 8(b) shows two roads (interrupted plus cruise).

page 25
Figure 18(a) is for two roads (both interrupted); Figure
18(b) is for four roads (two interrupted, two cruise).

page 32, Table 7

Table is incorrect; substitute values from Table C-5
on page 88 for those published in Table 7.

In the second footnote, add ‘‘(or the end of the queue
for unsignalized intersections)’’ after ‘‘point of stop.”’

page 87, Table C-4
Add “‘Multiplier’’ after ““AZOI”’ in the heading of the
third column.

page 88, Table C-5
In the second footnote, add “‘(or the end of the queue
for unsignalized intersections)’’ after ‘‘point of stop.”

page 88, Table C-6
Change the MT speed for ZOI(2) for the 0 to 55 mph
case (sixth row, ninth column) from 40 to 49.

NCHRP Report 325

pages 52 and 53

Tables are reversed (table headings are correct). Ma-
terial noted under Table 25.3.1A heading (page 52) for
natural rubber should be Table 25.3.1B (neoprene), and
material provided under Table 25.3.1B heading (page 53)
should be Table 25.3.1A.
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The third discussion of the paper by Potter and Ulery
was omitted. The discussion appears below.

DISCUSSION
JouN O. Hurp

Ohio Department of Transportation,
25 South Front St., Columbus, Ohio 43215.

I commend the author for providing heretofore unpub-
lished information on the structural performance of cor-
rugated steel pipe and reinforced concrete pipe subjected
to large vehicle live loads. However, additional elabora-
tion on the structural performance and failure modes of
corrugated steel pipe and reinforced concrete pipe is
required for the reader to fully benefit from the information
provided. The elaboration is given here.

The author cites only deflection as a failure mode for
corrugated steel pipe. Because it was not clearly indicated,
the reader must assume that the measured deflections
were due to elliptical deformation, as in accepted deflec-
tion theory (/). This failure mode methodology would not
be applicable if deformation were not elliptical. Deflection
is actually but one of four failure modes that must be
checked (2,3). The others are wall crushing, buckling,
and seam failure.

For thin-walled, small-diameter pipes with well-com-
pacted select side fill, seam strength is of much greater
concern than deflection (¢). Because no measurements
of strains or stresses in the wall around the seams were
reported, the reader cannot know what factor of safety
existed for seam failure. The reader cannot assume that
the large factor of safety against failure implied by the
measured deflections is the factor of safety against failure
in some other failure mode that might be governing.

If seam failure was not imminent, it appears that the
test installation covers are reasonable minimums for
properly installed corrugated steel pipe for the loading
condition. This assumes that the reported roadway surface
condition measured above the pipe is acceptable to the
users of the facility.

The author cites cracking as the accepted criterion for
failure of reinforced concrete pipe. This criterion is only
for testing—not performance. In reinforced concrete
structure design it is not intended that the concrete carry
tension loads. This is the requirement of the reinforcing
steel (5). In the case of reinforced concrete pipe, failure
might occur when the reinforcing steel can no longer
withstand the tensile stresses created by bending moments
in the pipe wall. A hairline crack in the pipe wall indicates
that the tensile stresses have surpassed the tensile strength
of the concrete and that the steel is carrying all of the
tensile load. The rather wide 0.01-in. crack used to define
reinforced concrete pipe strength in the three-edge bearing
test occurs at much less than the ultimate load-carrying
capacity of the pipe in both the test and in service. The
Ohio Department of Transportation requires that the

ultimate strength of Class IV reinforced concrete pipe in
the test be at least 1.5 times the load that produces the
0.01-in. crack (6). Cracks much larger than 0.01 in. can
occur before a reinforced concrete structure is judged to
have failed (7).

In the paper, it was reported that a ‘‘barely visible”
crack was observed in the 18-in. concrete pipe and that
““hairline’” cracks were observed in the 24-in. concrete
pipe. However, it does not appear that the actual widths
of the cracks were measured or estimated or that mea-
surements of reinforcing steel strains were taken. No
attempt was made to correlate the loads at crack inception,
and subsequently larger cracks, with the ultimate load-
carrying capacity of the pipe during laboratory tests.
Therefore, the reader cannot know how close the field-
tested reinforced concrete pipes were to actual “‘failure.”
Based on the description of cracks given in the report, it
appears that the pipes were loaded to less than one-half
the load to cause failure.

Placing pipes on a flat bedding, as done in this study,
is not recommended for either corrugated steel pipe or
reinforced concrete pipe (8,9). However, because of the
bending moment induced failure mode of reinforced
concrete pipe, the use of this type of bedding has a more
severe effect on the structural performance of that ma-
terial. The concrete pipe design bedding factor for a flat
bedding is 1.1, whereas that for the recommended shaped
bedding is 1.9. The use of a flat bedding reduces the load-
carrying capacity of the concrete pipe to 58 percent of
that of a properly bedded pipe.

Based on these observations, I can see no justification
for the minimum cover for properly installed reinforced
concrete pipe to be increased (as recommended by Table
5) to greater than the test installation covers for the
loading condition.

Considering the installation methods, the reported con-
dition of the roadway surface, and the pipes, both types
of pipe material appear to have performed acceptably.
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Foreword

This Record is of interest to highway engineers, particularly those interested in drainage
structures. Papers 1 through 17 included in this record are on laboratory and field testing
of buried conduits, design of concrete drainage structures, and life-cycle costs of drainage
structures. Paper 18 is on cast-in-drilled-hole piles, and the last two papers are on tieback
retaining walls.

Rogers presents data on a full-scale experiment conducted to study the response of
flexible pipes to surface loading. He found significant deviations from an elliptical defor-
mation that is generally assumed in both theoretical and experimental work. Beach
reports the results of a full-scale load test performed on a Con/Span culvert. He used
CANDE, the finite element program, for the detailed analysis of the structure and found
good correlation between the performance of the culvert and the results of the analysis.
Seed and Raines present the results of finite element analyses of three full-scale field
cases involving culvert failures under exceptional live loads. Katona provides fill height
tables and graphs that give the maximum allowable burial depth of corrugated polyeth-
ylene pipes of standard sizes. Katona compares the design solutions determined using
the CANDE program with the laboratory test data. Hurd and Sargand report on the
findings of an evaluation study of 39 corrugated aluminum and 10 corrugated steel rib
stiffened box culverts in Ohio, and Degler, Cowherd, and Hurd report on a study of
890 pipe-arch structures in Ohio. The objective of Degler’s study was to determine the
causes of the problems experienced by the pipe-arch structures. Moore, Selig, and Hag-
gag describe the use of continuum theory to evaluate the buckling strength of buried
flexible culverts and compare the results with those of existing codes.

Tadros, Belina, and Meyer present the state of the art in the design of reinforced
concrete box culverts. They provide information on field measurements and the results
of a survey on design practices. Frederick, Ardis, Tarhini, and Koo present an overview
of an investigation conducted in Ohio to determine the structural behavior of ASTM €850
box culvert section under live loads. They give results of theoretical analyses, and field
and model testing. Rowekamp, Hill, and Krauthammer give a summary of the results
of a structural analysis of elliptical precast concrete arch structures and circular arches
conducted in Minnesota. Bacher, Kirkland, and Seyed present data on evaluations of
precast thin wall reinforced concrete arches constructed using the dimension ratio design
concept. They conclude that substantial future savings are possible if significant reduction
is made in the wall thickness of reinforced concrete arch semicircular arch design. McGrath,
Tigue, and Heger present microcomputer versions of PIPECAR and BOXCAR, the
computer programs for reinforced concrete pipe and box sections.

Potter and Schindler present data on life-cycle cost analyses of drainage structures for
determining the relative economic rating of design alternatives. Wonsiewicz discusses
the selection of discount rates and the inflation factor in using the life-cycle cost tech-
niques. Hurd reports on an Ohio study conducted to verify two service life models for
concrete pipe culverts. Kurdziel reviews the culvert condition rating systems used in
durability studies conducted by various agencies. He proposes a new material durability
rating system for both concrete and metal pipe. In the next paper, Kurdziel discusses
the contents and operation of the American Pipe Association’s Least Cost (Life Cycle)
Analysis microcomputer program.

Shen, Bang, DeSalvatore, and Poran report on the results of a study of an instrumented
model test pile conducted to investigate the behavior of cast-in-drilled-hole pile. Fra-
gaszy, Ali, Denby, and Kilian present the findings of a study on the seismic response
of permanent tieback walls. Carpenter reviews methods for analyzing the overall stability
of tieback structures, and discusses the capabilities of STABLS and PCSTABLS, which
are limiting equilibrium slope stability programs.

Vil
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Some Observations on Flexible Pipe

Response to Load

C. D. F. RoGERs

The response of 160-mm-diameter shallow-buried unplasti-
cized polyvinylchloride pipes to surface loading has been inves-
tigated in full-scale experiments in a reinforced box. Standard
installation and loading conditions were adopted. Measure-
ments of pipe-wall strain and pipe deformation were taken to
determine the influence of the surrounding soil on the mode
of pipe deformation. The shape of the pipes when deformed
varied with the stiffness of the soil at each level within the
trench. Pipe deformation in soils offering little support was
roughly elliptical, whereas in stiffer soil configurations the
deformation deviated markedly from elliptical. In addition,
the deviation from an ellipse was far more pronounced under
static loading, subsequent cyclic loading causing an additive
component of elliptical deformation. Four deformation modes
have been isolated and data from other researchers have been
included to confirm the observations. A clear relationship
between pipe-wall strain and vertical diametral strain was found,
indicating that inference of deformation from strain gauge
measurements is possible if care is used. The assumption of
elliptical pipe deformation in both theoretical and experimental
work on flexible pipes should be avoided and allowance for
significant deviations from an ellipse should be made in pre-
dictions of deformation measurement.

Pipelines are currently used for transportation, communica-
tions, and the supply and removal of fluids on a vast scale.
A large quantity of new pipeline is being installed and, per-
haps more pertinently, a considerable amount of existing pipe-
line is being replaced annually, thus emphasizing the need to
understand fully the behavior of such pipelines in use. This
in turn provides the information required to successfully design
and construct a suitable infrastructure for future generations.

The fundamental engineering requirement of a pipeline is
that it should retain a suitable size, shape, direction, and
degree of integrity for as long as it is in use. This requirement
can be met by relatively rigid pipes that have inherent strength
and require only a suitable bedding layer, or by relatively
flexible pipes that deform under load and thereby derive sup-
port by composite action with the surrounding soil. The dis-
tinction between rigid and flexible pipes has become less
important with the advent of pipes of intermediate flexibility
and greater attention is being paid to the fill materials used
to surround pipes. Pipeline design therefore requires an
appreciation of the composite response of the pipe and soil,
and various design methods of varying sophistication have
been proposed to account for this.

Prediction of flexible pipe performance has presented a
challenge ever since Spangler (/) presented his classic work

Loughborough University of Technology, Loughborough, Leicester-
shire LE11 3TU, England.

on deformation prediction. In the development of his theory,
Spangler assumed the deformed shape of a flexible pipe to
be elliptical, based on observations of large-diameter corru-
gated steel culverts. This assumption has recurred in many
subsequent theories of behavior, either explicitly or implicitly,
and has resulted in vertical deformation, or vertical diametral
strain (VDS), being the critical performance parameter to be
measured in experimental work. A number of researchers
have recorded a deviation from elliptical behavior under cer-
tain circumstances, notably Howard (2), who refers to rec-
tangular deformation.

A program of full-scale experiments was conducted at the
University of Nottingham on 160-mm-diameter shallow-bur-
ied unplasticized polyvinylchloride (uPVC) pipe under con-
ditions simulative of building drainage. As part of this pro-
gram, instigated and sponsored by the British Plastics
Federation, a series of experiments was conducted in a rein-
forced box to determine the influence of the surrounding soil
on the magnitude and mode of pipe deformation. In partic-
ular, measurements were taken of pipe-wall strain and the
deformation profile of the pipe under load. The aim of this
paper is to examine the cause of deviation of the deformed
profiles from an ellipse, based on the findings of these exper-
iments and confirmed by research data published in the
literature.

The terminology shown in Figure 1 is used when discussing
the experimental results. Diametral strain is defined as the
change in the diametral measurement divided by the original
diameter.

PREVIOUS OBSERVATIONS OF SHAPE OF
DEFORMATION

Howard (2) reports the results of experiments in a 2-m cubic
box in which unlined steel pipes of various diameter and wall
thickness were buried in clay at different densities and were
subject to uniform surface pressures. Elliptical deformation,
characterized by plastic hinges developing at 90 and 270 degrees
(the pipe springings), tended to occur in the stiffer pipes,
whereas more flexible pipes deformed rectangularly with plas-
tic hinges developing at 45, 135, 225, and 315 degrees. The
ratio of horizontal to VDS (diametral strain ratio) for elliptical
pipe deformation was in the range 0.8 to 0.9 (a perfect ellipse
would give 0.91) and for rectangular deflection was between
0.6 and 0.8. The deflected form was predicted from strain
gauge readings, which showed high compressive strains on
the internal surface at the critical points.
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FIGURE 1 Terminology and definitions.

This series of tests was extended to include plastic pipes
and is reported by Howard (3). For uPVC pipe, the diametral
strain ratio implied a departure from purely elliptical defor-
mation at an early stage of the test. This was verified by the
internal pipe-wall strain profiles, from which Howard describes
the deformation as semielliptical.

In a later paper, Howard (4) reiterates the variation in
deformed shape and associates rectangular deformation with
large ratios of soil to pipe stiffness. When pipes have deformed
rectangularly, the horizontal diametral strain is found to be
much less than the VDS. Howard considers that elliptical
deformations may be expected for dumped and lightly com-
pacted sidefills, but that the deformed shape of pipes in mod-
erate or highly compacted sidefill will depend on the stiffness
of the pipe.

Brocrc (5) reports experiments on uPVC pressure pipes in
practice. Eight 500-mm-diameter uPVC pipes were buried
under distinctly different conditions and deformation was
measured using 36 strain gauges equidistantly spaced around
the external circumference of the pipe. Broere describes the
deformation of the pipe in uncompacted sand as being ellip-
tical in the upper half of the pipe and that corresponding to
deformation between two flat plates in the lower half. He
ascribes this behavior to the hard trench bottom’s providing
a linear support to the pipe, which produces an exaggerated
peak stress at the invert. The pipe deformed more in the lower
half than the upper half of the pipe. Little deformation occurred
in compacted sand. In compacted clay, the strain gauge pai-
tern is described as elliptical in both the upper and lower
halves, though with more deformation above the springings.
In uncompacted clay, deformation is described as elliptical in
the upper half and somewhere between elliptical and flat plate
deformation in the lower half (the trench bottom was rela-
tively soft). Greater deformation occurred below the spring-
ings because the soil was considered to be looser around the
haunches than the shoulders.
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insitu .
soil — backfill
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\ bedding
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Soini (6) describes field measurements of plastic pipes using
a pipe cruiser to describe the deformed profile. In order to
calculate the tangential strain in the pipe wall from the mea-
sured ring deformation, a factor (k) is applied to account for
the shape of the deformed pipe. Where deformation is ellip-
tical the value of £ will be 3.0, and values for pipes in general
use have been thought by Scandinavian researchers to range
from 3.0 to 6.0 because of variations in deformed shape.
Results obtained by the Pipe-Cruiser indicate that this vari-
ation in shape is considerably greater than supposed, with
values of k ranging from 2.85 to more than 10. However, no
description of the variation in shape is given.

EXPERIMENTAL PROGRAM

The aim of the experimental program was to investigate the
performance of small-diameter uPVC pipes when buried at
shallow depth in a 500-mm-wide trench. Surface load was
applied to simulate the passage of site construction traffic.
The main series of experiments was conducted in a large pit
and these have been described by Rogers (7). A further test
was conducted in which a line load was applied across the
pipe. A second series of experiments was conducted in a
reinforced box, having constant boundary conditions, in order
to gain comparative data, and these are reported herein.
The box was 750 mm long, 500 mm wide, and 550 mm
deep, with a depth of cover to the pipe of 250 mm. Load was
applied to the surface of the backfill through a 480-mm-diam-
eter rigid platen, which represented the load caused by the
rear wheel arrangement of a construction truck passing
approximately 500 mm above the pipe crown. This loading
condition was more severe than that of the main program of
tests and was adopted to produce significant deformations in
the pipes. Over the surface of the clay not covered by the
platen, a dead load was applied to simulate 500 mm of soil



Rogers 3

FIGURE 3 A ring flash photograph.

behavior of the pipe. When a ratio of 3.50 was used, the lower
pressure cell consistently recorded higher stresses on the hor-
izontal axis, indicating an external influence. Dezsenyi (8)
quotes a limiting ratio of 5.0 beyond which the container walls
have no influence. In the experiments quoted herein, the ratio
was 3.2, which implies that the box walls do influence pipe
behavior. This should be taken into consideration when
attempting to measure absolute, as opposed to comparative,
performance from the results.

The deformed shape of the pipe was recorded throughout
each test using a ring flash camera developed at the Transport
and Road Research Laboratory. The ring flash head was

FIGURE 2 The test box.

cover. This equipment is shown in Figure 2 with the dead
load removed for clarity.

Howard (2) showed that where a trench-width-to-pipe-
diameter ratio of 4.67 was used for his experiments, the pres-
sure cell readings on the box wall on the horizontal axis of
the pipe were the same as those 600 mm above the horizontal
axis. This implied that the box walls had no influence on the

mounted on a boom and inserted into the pipe below the load
platen. The head, which appears as a silhouette to provide a
datum measurement, produced a thin band of light, which
was recorded photographically (Figure 3). Diametral change
and shape of deformation were measured from the sequence
of photographs. Vertical diametral change was also recorded
by a linear potentiometer mounted on a sledge. Internal pipe-

TABLE 1 DETAILS OF EXPERIMENTAL INSTALLATIONS IN THE BOX

Bedding Sidefill

Reference Bedding Type Thickness (mm) Sidefill Type Compaction Comments

1 Pea gravel 100 Pea gravel None Standard practice

2 Pea gravel 50 Pea gravel None

3 None 0 Pea gravel None

4 Pea gravel 50 Pea gravel to springings, None Support to mid-height of
silty clay above None pipe only

5 None 0 Pea gravel to springings, None; thorough Split sidefill
silty clay above

6 None 0 Silty clay to springings, Thorough; none Split sidefill
pea gravel above

7 None 0 Silty clay to crown, pea Thorough; none Arching layer over 9
gravel 50 mm above

8A and 8B None 0 Silty clay to springings, Thorough; none Arching layer over 6;
pea gravel to 50 mm 8A had low water
above pipe crown content, 8B high

9 None 0 Silty clay Thorough

10 None 0 Silty clay Thorough Compacted in 2 layers

11 None 0 Silty clay Light

12 Pea gravel 100 Silty clay Thorough

13 None 0 Concrete ballast Light

14 None 0 Concrete ballast None

15 None 0 Reject sand Light

16 None 0 Reject sand None




wall strains were measured in the circumferential direction
by eight equally spaced single active strain gauges glued directly
to the wall of the pipes.

Keuper marl (a silty clay having a liquid limit of 32 percent
and a plastic limit of 19 percent) was used as backfill, the side
fill and bedding consisting of distinctly different soils (Table
1). In addition to standard installation configurations, rela-
tively good (pea gravel) and poor (silty clay) soils were jux-
taposed around the pipe in order to isolate the critical areas
of soil support. Pea gravel is a uniform rounded 10-mm gravel,
concrete ballast is a well-graded aggregate of medium sand
to medium gravel, and reject sand is a well-graded silty sand.
Grading curves for these soils are given by Rogers (7). The
pipes were 160-mm diameter with a standard dimension ratio
(diameter-wall thickness) of 41 and were manufactured to the
British Standard.
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Silty clay was compacted to form a flat trench bottom at
the appropriate level. The bedding layer, when used, was
spread to the required depth and the pipe was positioned.
The sidefiil was carefully piaced beside the pipe and com-
pacted as specified. Three levels of compaction were used:
no compaction, in which the material was dumped and lev-
eled; light compaction, in which the sidefill was carefully com-
pacted by foot after leveling; and thorough compaction by
two passes of a pneumatic tamper with a single head of 125-
mm diameter. The box was then backfilled in one layer and
thorough compaction was applied to the surface of the clay
250 mm above the pipe crown. Readings of pipe-wall strain
and deformation were taken at every stage of installation to
ascertain the effects of the installation procedure, including
negative diametral strain, or diametral elongation, as soil was
compacted beside the pipe.

6 = 4

Location
of strain

gauges

[

w

Pipe Wall Strain, € (%)

(o]

-0.1

~ o
=

=02

0.3k

-0.4

FIGURE 4 Graph of pipe-wail strain against VDS for unconfined line

load test.
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Surface loads of 5.5 and 7.0 tonnes were applied both stat-
ically and cyclically to each experimental installation. The
lower load was applied statically for 30 min, was removed for
45 min, and was then cycled 150 times at approximately 12
cycles/min. After 150 cycles of load, the pipe deformation was
found to have stabilized. The installation was allowed to recover
for 2 hr before the process was repeated with the higher load,
the final recovery period being at least 18 hr. Readings were
taken throughout the loading sequences and recovery periods.
In cases where excessive deformation occurred during the
loading sequence, the test was prematurely terminated to avoid
equipment damage.

EXPERIMENTAL RESULTS

Although many readings were taken during the test program,
only those relating to pipe-wall strain and deformation will
be presented herein. Further information is given in Rogers
(7) and Rogers et al. (9). Circumferential strain was measured
at 45-degree intervals around the internal surface of the pipe.
These data have been presented in either linear or circular
plots of the strain profile. Where comparisons have been made
between installations, the data have been extrapolated to those
that would occur at 5 percent VDS, assuming a linear rela-
tionship, and an average strain was taken for linear plots,
assuming symmetry about the vertical axis. The sign conven-
tion adopted throughout this paper is that tensile strains are
positive and compressive strains are negative.

The relationship between pipe-wall strain and vertical dia-
metric strain (VDS) in the unconfined line load test (Figure
4) was linear for each gauge up to 5 percent VDS. Pipe-wall
strain profiles at integer percentages of VDS during this test
are plotted on a circular axis in Figure 5, from which their

elliptical nature can clearly be seen. When the same data were
averaged and plotted on a linear axis (Figure 6), a clearer
description of the relative magnitudes of strain was apparent.
It may be concluded, therefore, that the deformed shape of
the pipe was an ellipse, as expected. In addition, the deformed
shape of the pipe could be predicted from the strain profiles.

The influence of surrounding the pipe in various soils and
applying surface load (Tests 3, 10, 13, and 15) is shown in
Figure 7, in which the permanent strains at the end of the
test have had the somewhat variable installation effects removed
before extrapolation to those that would occur at 5 percent
VDS. The tests using the clay and sand sidefills were termi-
nated after the 70 kN static load and the 55 kN cyclic load
sequences, respectively. In general, compaction of the sidefill
caused diametral elongation of an approximately elliptical
nature, the precise shape depending on the level at which the
compaction was applied. The effects of diametral elongation
on deformation are discussed by Rogers (7).

All four curves conformed to the same approximate pat-
tern, with high tensile strain in the pipe crown and equal and
opposite strains at the springings (compressive) and invert.
The curve for pea gravel exhibited the greatest deviation from
the V-shaped pattern, with the highest pipe crown and shoul-
der strains and the lowest strain at the haunches. Howard (3)
demonstrated that elliptical deformation is associated with a
V-shaped, rather than elliptical, pipe-wall strain profile when
the pipe is buried because of the resistance to movement of
the side of the pipe. It can be concluded from these data,
therefore, that the deformation of the pipes at the end of the
tests was approximately elliptical, with the pipe in pea gravel
showing a tendency to flatten at the crown and bulge slightly
at the shoulders. It should be noted at this point that the
amount of deformation of the pipe associated with these pro-
files is between 5 and 11 percent and the deviations from an

Key:— = Unloaded pipe

Strain profiles at
1,2,3,4 and 5%

V.D.S.
8
i}
8 :
Location
7 of strain
== 4
T T T gauges
0.5 -1.0 -1.5
6
Ew(%) 5
6

FIGURE 5 Circular pipe-wall strain profiles for unconfined line load test.
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load test.

ellipse are hardly discernible from the ring flash photographs.
The descriptions of flattened crowns and bulging shoulders
are, therefore, greatly exaggerated and are solely used to
distinguish marginal changes in shape.

In contrast, the extrapolated pipe-wall strain profiles for
the same tests after the 55 kN static load had been applied
for 30 min (Figure 8) show a considerable difference in behav-
ior. The curve for pea gravel was indicative of considerable
action to relieve pressure in the top section of the pipe and
consistently good support around the pipe. Similar, though
less exaggerated, behavior was apparent in the concrete bal-
last installation, with greater movement at the haunches and
invert reflecting a lack of compaction at these points. The
strain profile for the silty clay installation is of a near perfect
V form indicating purely elliptical behavior under load, the
more competent reject sand conforming to approximately
elliptical behavior.

These two figures show that the pipe deformed in an ellip-
tical manner under load when surrounded by a poor material
and application of further loads, whether static or cyclic, did
not change this pattern. When surrounded by a material that
provided good support, however, deformation under load was
considerably different from an ellipse and totally dependent
on the character of the surrounding soil. Application of the
remaining load sequences caused the distortions from an ellipse
to become so much less evident that the curves for distinctly
different materials took the same form.

Corresponding curves for the four tests using uncompacted
pea gravel (UCPG) and well-compacted silty clay (WCSC) in
different configurations around the pipe (Tests 3, 5, 6, and
7) are shown in Figures 9 and 10. All four soil configurations
provided good support to the pipe. As before, the greatest
difference in pipe-wall strain profiles occurred under static
load (Figure 10). The profile under load for full depth UCPG

exhibited flattening of the crown and bulging of the shoulders,
with little movement around the haunches and invert. The
curve for WCSC over UCPG showed similar behavior, although
with negligible strain at the springings. In this case the relief
of pressure concentrations above the pipe was largely affected
in the WCSC, though with flattening occurring at both the
crown and the invert and bulging at both the shoulders and
haunches. The arching layer diverted the area of most action
to the lower section of the pipe, resulting in the lowest crown
and shoulder strains and highest strains at the haunches (bulg-
ing) and invert (flattening). Similar, though less pronounced,
behavior occurred where a split sidefill of UCPG overlying
WCSC was used.

These tests indicated that most deformation occurred where
the support was poorest. The curves at the end of the tests
retained the characteristics of those when under load while
reverting to a more uniform pattern consistent with elliptical
deformation (Figure 9). Retention of strains developed under
load was greatest in areas associated with clay surrounds,
which indicated a lower degree of elastic recovery and was
consistent with the soil properties. A detailed study of recov-
ery on removal of the static load confirmed this observation.

In order to illustrate the behavior under static and cyclic
loads, the strain profiles at various stages of the test using a
full-depth UCPG sidefill (Test 3) is shown in Figure 11. The
effects of installation were small. The profile under the 55 kN
static load exhibited large crown and shoulder strains, which
increased marginally as the load was held for 30 min. On
removal of the load, significant elastic recovery occurred.
Application of the cyclic load caused large increases in strain
at the crown, springings, and invert, but had a negligible
influence on behavior at the shoulders and haunches. Appli-
cation of the 70 kN static load caused similar large strain
increments to those of the lower static load, the pipe exhib-
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FIGURE 7 Pipe-wall strain profiles at end of tests using four
sidefill materials.

iting little creep behavior. On removal of this load, nearly all
of the additional strain was lost. The higher cyclic load pro-
duced the same results as the lower one.

It is clear from this analysis that, when buried in a com-
petent sidefill, the pipe exhibited distortional behavior under
load, with little creep movement and considerable elastic
recovery. Application of the cyclic loads produced almost
perfect elliptical behavior, thus reducing the distortional influ-
ence on the final strain profile.

It has been stated in the literature by Broere (5) and others
that the deformed shape of a flexible pipe can be obtained
when the circumferential pipe-wall strain distribution is known.
This was shown to be true for uPVC pipes in the case of
unconfined line load test. When the pipe was confined in a
good sidefill, the shape of the strain profile differed signifi-
cantly from an ellipse, and a component of hoop compression
would have been expected.

These phenomena are illustrated in Figure 12, which shows
a graph of pipe-wall strain against VDS for a full-depth UCPG

sidefill (Test 3), in which distortional profiles were produced.
At each point around the circumference except the invert,
the pipe-wall strain measurements under the static load show
higher compressive, or lower tensile, strain than the corre-
sponding values after the cyclic load had been applied, indi-
cating that a compressive component of hoop strain was induced
under load. The gauges on the horizontal and vertical axes
exhibited a discernible linear relationship through the origin
despite this effect. The cyclic load sequences produced a slightly
curved relationship for the pipe crown strain. Strain in the
gauges on the springings was remarkably similar and also
slightly curved. The relationships for the gauges at the shoul-
ders and haunches were of similar type, with large compres-
sive components under static and a slightly curved, though
approximately horizontal, line under cyclic load. This reflected
distortional behavior under load followed by elliptical behav-
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FIGURE 8 Pipe-wall strain profiles under 55 kN static load
using four sidefill materials.
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FIGURE 9 Pipe-wall strain profiles at the end of tests using
four combinations of gravel and clay.

ior, in which little change in strain was experienced at these
points, when the load was cycled.

Considering Figure 12, it can be concluded that the shape
of deformation can be deduced from the strain profiles if care
is used. When analyzing such data, it should be remembered
that the correlation sought ought to have been that between
pipe-wall strain and the change in curvaturc of the wall, or
relative movement of the point toward (or away from) the
center of the pipe. The good correlation of strain with VDS
on both horizontal and vertical axes was encouraging, there-
fore, and the behavior at the shoulders and haunches was
explicable.

The results previously quoted lead to the following working
hypotheses of pipe behavior. When a circular pipe is subjected
to a line load across its vertical axis but is otherwise unloaded,
it will deform elliptically. The pipe-wall strain profile will be
elliptical also. When surrounded by a relatively poor soil and
load is applied to the soil, the pipe will again deform approx-
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imately elliptically, but the pipe-wall strain profile will tend
to a V shape (Figure 13a). This is caused by the lateral
restraint of the soil, or passive pressure developed therein,
which induces a greater compressive strain in the pipe spring-
ings. Where a buried pipe is bedded in a good quality stiff
soil up to at least its horizontal axis and a vertical load is
applied to the soil surface, the pipe will tend to deform to a
heart shape, in which the pipe crown flattens and the shoul-
ders become relatively more curved with a roughly even change
in curvature below this (Figure 13b). Such a deformation is
accompanied by high tensile wall strain at the pipe crown and
high compressive strains at the shoulders. Diametrically oppo-
site behavior can occur in cases where the soil around the
haunches is poor and that above it is of good quality (Figure
13c). In cases in which exceptionally good lateral restraint is
provided at the pipe springings, deformation will tend to be
square shaped, in which the pipe and invert flatten and the
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FIGURE 10 Pipe-wall strain profiles under 55 kN static load
using four combinations of gravel and clay.
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shoulders and haunches take up a smaller radius of curvature,
the springings remaining largely unstrained (Figure 13d). This
behavior typically occurs only in cases in which thorough com-
paction is applied to the sidefill at the level of the pipe spring-
ings, thereby creating a locally stiff medium.

The behavior described as semielliptical by Howard (3) is

consistent with the inverted-heart-shaped profiles already
described, although in a less exaggerated form. The descrip-
tion by Howard (2) of rectangular deflection is consistent with
the square-shaped deflection referred to previously. In this
respect, rectangular is perhaps a better description because
the pipe undergoes flattening at the crown and invert, with
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FIGURE 13 Types of deformation and associated strain profiles.

no change in curvature (i.e., negligible strain) at the spring-
ings. The V-shaped strain profile associated with elliptical
deformation was confirmed by the experimental results.

Where Broere (5) refers to flattening, as between two plates,
in the lower half of the pipe buried in uncompacted sand, he
is referring to the tendency of the pipe to adopt an inverted-
heart shape. He confirms this by stating that the pipe deformed
more in the lower half of the pipe than in the upper half. The
pipe in compacted clay also showed a tendency to an inverted-
heart shape.

CONCLUSION

An unconfined pipe produced an ellipticai pipe-wali strain
profile when loaded, the strains being proportional to VDS
at each point around the circumference. This was consistent
with the expected elliptical deformation of the pipe. When
buried, elliptical deformation was accompanied by a V-shaped
pipe-wall strain profile and such behavior was only found with
poor sidefills such as silty clay and reject sand. Distortional
behavior, consistent with the character of the sidefill, occurred
under static load in pipes that were given good support, behav-
ior being essentially elliptical under cyclic loads. Elastic recov-
ery of static load deformation was greatest in soils of highest
elasticity and in cases in which pipe support was best. The
arching behavior of granular soiis was inporiant. The defoiined
shape of a buried pipe was deduced from the pipe-wall strain
_profiles, the relationship of the latter being consistent with
VDS measurements.

The assumption of elliptical deformation in methods of pre-
diction of pipe deformation is likely to be valid in cases where
the pipe is subject to predominantly cyclic load or where the
surrounding soil is not relatively stiff. Where applied load is
predominantly static, the assumption could prove to be greatly
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(b) "Heart shaped" deformation
F :
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w
k E
3
W
1 L 1
0° 90° 180°

(

[o]]
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in error. The assumption of elliptical deformation in experi-
mental work should be avoided and measurement of pipe-
wall strain or wall movement, or both, should be made all
around the circumference rather than solely across the vertical
and horizontal axes.
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Load Test Report and Evaluation of a
Precast Concrete Arch Culvert

TimMoTtHY J. BEACH

A report on and an evaluation of a full-scale load test per-
formed on a Con/Span culvert are presented in this paper.
Because of its intended use, it was important that this three-
sided box-arch shape’s field performance be evaluated exten-
sively, in addition to rigorous theoretical analysis. A load test
procedure was devised to evaluate the structural integrity of
this unit and to examine to what extent its field performance
compared with its predicted behavior. The finite element pro-
gram CANDE was used for the detailed analysis of the struc-
ture. CANDE is a program especially written for the evaluation
of soil-structure interaction conditions, and is ideally suited to
evaluate the effect of the conditions that exist in field testing.
The evaluation revealed a good correlation between the per-
formance of the culvert and the finite element analysis used.
Perhaps more impressive was the culvert’s capacity to sustain
an extreme overload.

Con/Span culverts were developed to meet a need for precast
reinforced concrete culverts with large cross-sectional areas
for water conveyance at sites with limited vertical clearance.
Because of their great width compared with their height and
because of the inherent durability characteristics of concrete,
these culverts provide an economical design solution for short-
span bridge replacements. The box-arch culvert can be made
in a number of span and rise combinations. The geometric
properties of the 19-ft span culvert studied is shown in
Figure 1.

DESCRIPTION

The unique combination of vertical sidewalls and the arch top
not only enhance the hydraulic and aesthetic values of the
culvert but also greatly increase its load-carrying capacity.
This increase in load-carrying capacity is perhaps most effec-
tively shown by examining Figure 2.

In the arch-box when the culvert begins to deflect, thrust
is developed by the passive pressure of the earth backfill
counteracting the efforts of the applied loads to deflect the
top of the structure. In a state of extreme overload, the arch-
box cannot collapse without pushing the block of soil behind
the sidewalls far enough to allow the arch to collapse. Hinges
will form in the culvert but the units will still be a viable
structure with the pressure from the backfill providing the
necessary support. The dependence on the backfill is not nearly
so critical under normal design conditions. For an actual
installation, the units are designed according to American
Association of State Highway and Transportation Officials

Con/Span Culvert Systems, 1563 East Dorothy Lane, Dayton, Ohio
45429.

(AASHTO) specifications, which require that the culvert be
loaded using ultimate loads and the reinforcing steel not be
permitted to yield. Based on this practice and the structure’s
inherent strength, it is easy to see the large reserve capacity
built into these culverts.

Another significant contribution to the structural advan-
tages of the box-arch shape is its resistance to shear. Because
of the thrust and the arch shape, shear from the vertical load-
ing is greatly reduced in a section. This allows the unit to
maintain its standard 10-in. thickness under much deeper fills
than normally considered for such a lightweight section. This
issue is illustrated in Figure 3.

A flat slab with the same span and loading would have a
shear value (V = WL/2). Obviously the effectiveness of this
shear reduction relies on the radius of the arch, but even with
a flat arch the reduced shear values and thinner sections are
quite advantageous.

The behavior of the culvert is therefore dependent to a
limited degree on its interaction with the surrounding backfill.
The backfill restrains the tendency of the sides of the culvert
to flex outward. This restraint develops a thrust in the curved
top of the unit that creates arch action to increase its capacity
to carry vertical loads. This interaction of the structure and
soil can be simulated with a computer model to allow a reliable
and realistic basis for design.

The design of the reinforced concrete culvert is based on
the concept of soil-structure interaction and is modeled by
using the finite element method of analysis. The finite element
computer program called CANDE (Culvert Analysis and
Design) provides the computer model to analyze the behavior
of the arch structure during various loading situations. CANDE
permits analysis of the culvert beyond conventional elastic
analysis into the plastic range. The analysis is performed in
an iterative manner, beginning with the structure resting on
its foundation with no backfill. Placement of the first layer of
backfill alongside the culvert is modeled by adding the first
layer of soil elements and loads to the finite element mesh.
Through their interaction, the soil elements load the structure.
Subsequent steps of the analysis are performed in the same
way, adding one layer of elements at a time, simulating the
process of backfilling around and over the culvert. After the
final layer of fill has been placed over the top of the structure,
loads are applied to the surface of the fill to simulate vehicular
traffic loads.

Purpose

The purpose of the load test was to verify the validity of the
modilied CANDE computer progiam of analysis to model
the actual behavior of field-installed box-arch culverts.
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FIGURE 1 Culvert dimensions.

Scope

The test involved installing three 8-ft laying length culverts
on a cast-in-place slab. After the backfilling process was com-
plete, the middle culvert was tested. The test culvert was
instrumented with deflection gauges. External loads were
applied evenly (at mid-span) across the 8-ft laying length of

1-
' }
¥ o s

CONVENTIONAL ARCH-BOX
RIGID FRAME
FIGURE 2 Theoretical deflected shapes.

the test culvert. As loads were applied, deflection readings
were recorded. The loads applied were as much as five times
the HS20 design service loading without impact.

By applying loads that greatly exceed the design loading,
appreciable deflections and cracks occurred. After the test
was complete, the test unit’s actual section properties (com-
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FIGURE 3 Mechanics of

arch shape.
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TABLE 1 REINFORCING AREAS FOR TEST UNITS

SPAN: (_190" ) RISE: ( 611" ) COVER: (_I0" )
sheet No.|" 2%/ 29  Mesh Size SR R
1 A - .62 2x4 - W10.5W5.0 140 .63
2 Ap- .155 2X8 -W2.5:W2.5 8-g 15
3 Ay- .32 2x8 - W5.5xW2.5 12-8 .33
4 Ag-.125 | 2x8 -W2.5xW2.5 8- 15
5 | As-.25 | provided by 7-8 15
6 Ag- 125 |*3(s)e 12Zc.c. GR. 60 78 .15

Deslgn Loading:  HS20
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pressive strength, steel areas, etc.) were determined and used
as input for the CANDE computer analysis. The evaluation
of the computer model’s deflection and crack behavior output
and the actual field test data is the subject of this report.

Load Test Installation and Procedure

For the load test, a standard 8-ft laying length of a 19-ft span
by 6-ft 11-in. rise culvert was used. The test culvert was made
according to the manufacturer’s specifications (/) and the 19-
ft by 6-ft 1-in. box-arch shop drawing (Figure 4) with the steel
areas called for in Table 1.

As shown in Figures 5 and 6, three culverts were installed
end to end on a cast-in-place base slab. The width of the
excavation between the culvert leg cast-in-place base slab.
The width of the excavation between the culvert leg and the
existing soil was a minimum of 3 ft. After the culverts were
plumbed and leveled on shims, the space between the bottom
of the culvert’s legs and the footer was grouted with a cement
grout. A 12-in.-wide strip of filter fabric was placed over the
joints. The connection plates normally installed between
the units were omitted to allow the test unit to function
independently.

With the culvert units set, the backfilling process began.
The backfill material met the requirements of the Ohio
Department of Transportation (ODOT) 310.02 Grading B
and was constructed according to the manufacturer’s speci-
fications (7). This required compaction of soil determined per
standard proctor that was 95 percent of the maximum labo-
ratory dry weight. Compaction tests were performed by
ODOT's Bureau of Testing to ensure proper compaction. The
difference in the backfill elevation on each side of the culvert
during placement did not exceed 1 ft. The backfill process
was to proceed until 1 ft of cover above the outside of the
unit at the centerline of the span was achieved.

After the backfilling was complete, the deflection test frame
was attached. Deflection gauges supplied by CTL Testing
Laboratory were mounted on the frame. The gauges were
zeroed before the application of the load.

The test load was applied by the use of a 100-ton hydraulic
hand-operated jack supplied by CTL Testing Laboratory. A
calibration chart correlating the hydraulic pressure to the load
increments was developed by CTL and is included in the CTL

FIGURE 5 Box-arch culvert load test, August 1986.
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FIGURE 6 External view of test unit.

report (2). The hydraulic jack reacted between a beam tied
to the base slab and a beam centered on the culvert that
distributed the load uniformly across its length.

Loadings were applied to the culvert in multiples of an
AASHTO HS-20 service load. The load to be applied was
determined as follows:

Cover = 1 ft,
S (span) = 19 ft,
P (single wheel load) = 16 kips,

Per Section 3.24.3.2 AASHTO specifications:

E = distribution width for 1 wheel load,

E =4+ 0.065 =4 + 0.06 (19) = 5.14 ft,
W = live load/unit length, and

W = P/IE = 16.0/5.14 = 3.1 kips/ft of width.

Therefore, on an 8-ft width of culvert:
Design service load = 3.10 (8) = 24.8 kips.

Actual load increments were 25 percent of a full service load
multiple, or a 6.2 kip jack reaction.

On August 7, 1986, the first phase of the load test was
performed. The culvert was loaded until the 6.2 kips were
applied. After the load was stabilized, the CTL testing engi-
neer recorded the deflection readings. In time periods of
approximately 3 to 4 min, the load was increased to the next
load increment and deflections were recorded. The last load
increment was 49.6 kips, which represents two times the design
load. After this load was stabilized for a period of 3 min, the
deflection readings were recorded. The load was removed and
the deflections were again recorded. The deflections that
occurred during the first phase of the load test are shown in
Table 2. Maximum deflections were less than Yis in., and the
structure rebounded to nearly its original position.

On August 12, 1986, the jack and the deflection gauges
were reinstalled. Once the gauges were zeroed, the load was
gradually applied in increments of 6.2 kips in time intervals
of 3 to 4 min. Deflections were recorded for each load incre-
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TABLE 2 19-FT SPAN LOAD TEST, PHASE 1: ACTUAL DEFLECTIONS

Gauge Readings (in.)

Load
(kips) No. 1 No. 3 No. 5 No. 7 No. 0 No. 8 No. 6 No. 4 No. 2 No. 9
6.2 0.001 0.001 0.0015 0.000 0.000 0.001 0.002 0.002 0.000 0.000
12.4 0.002 0.003 0.005 0.003 0.000 0.004 0.006 0.004 0.001 0.000
18.6 0.004 0.005 0.008 0.005 0.000 0.006 0.009 0.007 0.002 0.000
24.8 0.004 0.008 0.013 0.008 0.001 0.008 0.014 0.009 0.003 0.000
31.0 0.008 0.010 0.019 0.011 0.001 0.012 0.020 0.012 0.007 0.000
37.2 0.010 0.014 0.025 0.015 0.001 0.015 0.026 0.016 0.009 0.001
43.4 0.013 0.018 0.032 0.019 0.001 0.018 0.033 0.019 0.012 0.001
49.6 0.017 0.022 0.041 0.023 0.001 0.022 0.041 0.023 0.015 0.002

ment. The load increments and the associated deflections are
shown in Table 3. The test culvert was loaded until the max-
imum load was obtained.

was being compressed. Additional material was added to the
steel test frame to remount these dial indicators. During this
interval of time, about 25 minutes, the load was sustained at
. 133.5 kips. Once the dial indicators were remounted (at 12:55
The results of the second phase of the load test are included p.m.) ar‘:d pumping the jack continued normally ag(ain, the
in a CTL Engineering, Inc., report (2). The following are the failure mode continued until the major break occurred at 1:02
written remarks by CTL included in their report (taken directly p.m. ) L
from CTL’s report dated August 19, 1986). It should be noted that the first hairline cracks appt;ared at
55.8 kips loading, which was more than twice the design load

of 24.8 kips.
Additional hairline cracking continued to appear at 66.0

I1. Results

The loading progressed for 21 increments up to a loading of
133,500 Ibs (133.5 Kips). At this point the concrete span was
loaded more than five (5) times the design load. At this load-
ing, operating the 100-ton jack could only produce the constant
loading, but the dial indicators began a constant movement
indicating the concrete span was in a failure mode. The con-
stant movement of the concrete surface continued to about a
2%-inch deflection when it suddenly broke through the 8-foot
span in the center of the arch and through the two drilled 2'%-
inch diameter holes made for passage of the two threaded bars
for the loading system.

During the test, two of the dial indicators (# 1 and # 2)
had withdrawn from contact with the concrete span. This indi-
cated the span was belling out sideways while the span top

Kips, 68.2 kips, 74.4 kips, and the original hairline cracks became
noticeably larger. At80.6 kips, the original cracks had enlarged
to about Y inch. At about 111.6 kips, the cracks had increased
to Y42 inch and passed through the 2%-inch drilled holes for
the thread bars. At 130.2 kips, the original cracks had enlarged
to Yie inch.

Al failure, 133.5 kips, the major cracks were about % inch
wide all the way across the concrete span, passing through
both drilled 2'2-inch diameter holes, Some fallout of material,
of course, made wider spots.

Most cracks appeared within about a 4-foot width across the
span with the most concentration within about a 1-foot width.

The sideways or north-south movement of the span mainly
occurred on the north side, where it remained deflected about
1%4 inch after the failure occurred. This was the side to which
the deflection gauge frame was fastened.

TABLE 3 19-FT SPAN LOAD TEST: ACTUAL AND PREDICTED DEFLECTIONS

Load Actual Gauge Readings (in.) Predicted Values (in.)

(kips) No.1 No.2 No.5 No.7 No.0 No. 8 No. 6 No.4 No.2 No.9 No. 1 No.3 No.5 No.0

6.2 0 0 0.002 0.001 0 0.002 0.003 0.002 0.001 0 0.001  0.001 0.000 O

12.4 0.001  0.002 0.006 0.004 0 0.004 0.0065 0.004 0002 O 0.005  0.010 0.008  0.001
18.6 0.003 0.004 0.011 0.006 0 0.0065  0.011 0.007 0.004 0 0.007 0.015 0.015 0.002
24.8 0.005 0.007 0.017 0.010 0 0.010 0.017 0.010 0.006 0 0.010 0.019 0.023  0.003
31.0 0.007 0.010 0.023 0013 0 0.014 0.022 0.013 0.008 0 0.013  0.024 0.027 0.004
37.2 0.010 0.013 0.029 0016 ©0 0.018 0.027 0.016 0.010 O 0.017  0.029  0.038  0.005
43.4 0.013 0.017 0.036 0.020  0.001 0.021 0.034 0.020  0.013 0.0005 0.020 0.035 0.046  0.006
49.6 0.015 0.020 0.043 0.024  0.001 0.023 0.041 0.023  0.015 0.0005 0.023 0.040 0.054 0.007
55.8 0.019Y 0.024 0.051 0.028 0.0015 0.028 0.050 0.027  0.019  0.001 0.027  0.046 0.063  0.008
62.0 N/A 0.029 0.064 0.033 0.002 0.050 0.062 0.032  0.024  0.001 0.030  0.05s1 0.072  0.009
68.2 N/A 0.037 0.080 0.041  0.002 0.048 0.078 0.039  0.030 0.0015 0.060 0.082 0.010
74.4 N/A 0.044  0.093  0.048 0.0025  0.049 0.091 0.045  0.034  0.002 0.073  0.098 0.012
80.6 N/A 0.051  0.108 0.056  0.0U3 0.055 0.105 0.051 N/A 0.6025 0:004 —-0:120 0.015
86.8 N/A 0.098 0.188 0.107 0.0035  0.105 0.190 0.095 N/A 0.004 0.115  0.154  0.017
93.0 N/A 0.114  0.217 0.124  0.004 0.120 0.219 0.110 N/A 0.005 0.136  0.187  0.020
99.2 N/A N/A N/A N/A N/A N/A N/A N/A N/A N/A 0.157 0221  0.023
105.4  N/A 0.131  0.258  0.143  0.005 0.138 0.252 0.128 N/A 0.006 0.184  0.254  0.026
111.6 N/A 0.149 0289 0.161  0.007 0.156 0.282 0.144 N/A 0.007 0.244  0.296  0.031
117.8 N/A 0.171 0332 0.186  0.010 0.177 0.322 0.165 N/A 0.008 0.308 0.397  0.035
124.0 N/A 0.240  0.449 0.251  0.015 0.241 0.438 0.229 N/A 0.012 0.391 0502 0.058
130.2 NA 0390 0735 0.434  0.026 0.417 0.720 0.37 /A 0.012 0478  0.621  0.070
133.5 N/A 0.816 1.616 0.924 0.031 0.889 1.604 0.795 N/A 0.012 0.568  0.747  0.080
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FIGURE 7 Crack patterns.

OBSERVATIONS FOLLOWING TEST

Wide cracks had opened up in the ground surface above both
culvert legs indicating horizontal movement of the backfill.
Mounding the fill over the culvert in place of complete burial
reduced the capacity of the soil to resist the horizontal thrusts.
This mounding is apparent in Figures 5 and 6.

Approximately 5 days after the load test, the backfill was
removed and the test culvert was exposed. Considerable ten-
sion cracking (% in. to % in. wide) occurred in the span at
the edge of the haunch section where the wall thickness is 10
in. (see Figure 7 for crack pattern sketches). The backfill at
the base of the legs was cleaned away. The grout between
the precast leg and the top of the footer was inspected. On
the exterior side of the legs, the grout did not crack. No
horizontal movement of the precast legs could be detected.
The maximum deflection recorded at 1 ft above the foun-
dation was 0.03 in. The precast legs appeared to rotate on
the footer.

The tension steel at each of the major cracks was exposed
and inspected. At every location the individual wires had
elongated, necked down, and cracked. At the mid-span, pos-
itive moment area, this feature was characteristic across the
full 8-ft cross section. In no instance did the compression face
of each high moment area show any signs of distress.

With respect to the load test, the following items are
concluded:

TABLE 4 MATERIAL PROPERTIES
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1. When the test culvert failed, three distinct hinges formed:
two at the haunches and one at the mid-span. At all three
locations the tension steel yielded and failed.

2. The legs of the test culvert rotated on top of the footer.
The passive pressure resistance of the backfill and the resisting
friction force kept the legs from moving horizontally. A pinned
connection at the base of the legs can be assumed.

3. After the test culvert formed, three hinges and the ten-
sion steel failed at the three hinges, the test unit continued
to support the 133.5-kip load. It appeared that the backfill’s
pressure against the back of the culvert’s legs provided the
necessary support to sustain this load.

After the testing was complete, the test culvert’s actual
material properties were determined and used as input for
the computer analysis of the test section (Table 4). Samples
of the welded wire fabric representative of the steel used in
the test unit were submitted to the ODOT Bureau of Testing.
A concrete core from the test unit was obtained and submitted
to CTL for testing. Samples of the backfill material were also
submitted to CTL to determine the density, sieve analysis,
and the California bearing ratio value of the granular backfill.
The mesh layout (Figure 8) for the computer model was revised
to simulate the actual ground surface.

COMPARISON OF ACTUAL AND PREDICTED
DEFLECTIONS

As stated, the primary purpose of the test was to compare
results obtained from the load test with the results predicted
from a CANDE computer analysis. Shown in Figure 9 is a
graph of center-line deflections from the load test and the
corresponding values determined from the analysis using the
actual material properties as input for the program. Also shown
is a single curve representing the predicted mid-span deflec-
tion based on the original design specifications. ‘

Concrete compressive
strength (f".)

Steel yield stress (fy) W5.5
Ww10.0
Steel areas W5.5
w10.0
Backfill material
Compaction
Classification

“d” distance from
centroid of the
steel reinforce-

ment to the

compressive

surface
Ws.5
w10.0

Original
Actual Specifications
7,275 1b/in® 4,000 b/in>

78,610 Ib/in* 60,000 1b/in®
71,360 Ib/in* 60,000 Ib/in?
0.32 in¥/ft® 0.33 in¥/ft
0.62 in*/ft 0.63 in?/ft
95 percent

maximum

dry weight
GW, GP
7.75 in. 8.0 in.
8.25 in. 8.5 in.

% Value used as input for analysis.

® Because the W5.5 mesh has a higher yield stress than the W10.0, the steel area was
increased to 0.36 in./ft to compensate for the use of the lower yield stress ds the

input value in the analysis.
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FIGURE 8 Mesh layout for finite element analysis: Con/Span load test.

The comparative values of deflection are in good correla-
tion with each other, although the theoretical values are slightly
larger. These larger theoretical deflections result from initial
differences in the stiffness of an uncracked section and crack-
ing strain. The theoretical value used for the cracking strain
is based on the American Concrete Institute (ACI) recom-
mendation for the tensile rupture strength equal to 7.5 f'.. Of
all the parameters, the concrete cracking strain influences the
shape of the load-deformation curve the most significantly.
The actual value of the tensile rupture strength is normally
higher, which would have resulted in a closer correlation through
the elastic range.

The sharp deflection occurring at 3'% times the service load
on the actual deflection curves is the transfer of loading from
the concrete to the steel as the cracking propagates throughout
the section. The analysis models the cracking, progressing
gradually through the section and producing a smooth stress-
strain curve. Also causing this sudden deflection would be the
initial cracking at the section just above the haunch, which
theoretically occurs two load steps earlier. However, the pat-
tern has been that the theoretical action occurred slightly
before the actual action and would have occurred almost
simultaneously if a higher value for the cracking strain had
been used.

The CANDE analysis assumes plastic flow occurs when the
stress in the steel is equal to its yield strength, and the analysis
does not identify ultimate tensile or rupture strength of the
steel. The actual stress in the steel can increase above the
yield stress to its ultimate tensile strength. This is evident
from the test in the area of 4 times the service load. The
theoretical load-deformation curve flattens out when yielding
occurs at midspan, indicating the beginning of the plastic range.
The actual curve does not flatten out until two load increments
later, indicating its additional load-carrying capacity above
initial yield. The test culvert stopped taking additional load
once the steel reached its ultimate tensile strength, and the
load test was stopped when the steel necked down and cracked,
producing excessive deflections. This point on the theoretical
curve cannot be identified because the analysis cannot predict
the steel’s ultimate strain.

A CANDE analysis was run using the same loading on the

culvert without backfill or cover. Its load-deformation curve

was nearly identical until the loading reached 44 times the
service load, at which time the effects of the support from
the backfill were realized. This comparison reveals the inher-
ent strength in the unit itself.

The deflections predicted for the original specifications also
predict a substantial capacity above and beyond the required
ultimate strength. Although the CANDE analysis does not
clearly indicate a load limit, it can be said that the ultimate
load is reached when the slopes of the load-deflection curves
approach a flat line. Based on this, it appears that the load-
carrying capacity of the culvert would have exceeded the
required ultimate strength by 50 percent at approximately 4Y4
times the design service load, had it been built according to
the original specifications.

COMPARISON OF CANDE ANALYSIS WITH
CONVENTIONAL ANALYSIS

A comparison was made of moments at mid-span of the cul-
vert using a conventional stress analysis and the CANDE
analysis both with backfill and without. The conventional
analysis was used, first, with the culvert legs considered
restrained (pin-pin), and second, with horizontal movement
allowed (pin-roller) as shown in Figure 10. Assuming a con-
ventional elastic analysis, the maximum load carried by the
pin-roller structure would be approximately 48 kips. At this
point, using conventional concrete design, the steel would
yield at mid-span and no further increase in capacity could
be mobilized. The conventional analysis for the pin-pin con-
dition would permit a capacity of approximately 65 kips. At
this point the steel yields near the haunches. Some increased
loading could be sustained but cannot be predicted by an
elastic analysis.

The CANDE analysis uses a more sophisticated method ot
computing the actual section capacity than the standard Whit-
ney rectangular stress distribution block method used in con-
ventional design. This, together with consideration of the ben-
efits of the extra capacity resulting from the axial compression
on the section, yields a higher limit to the elastic range than
in conventional design. Beyvond this point CANDE analysis
continues to model the structural response through the in-
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FIGURE 10 Precast box-arch load test: comparison of analyses.
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Failure of Flexible Long-Span Culverts
Under Exceptional Live Loads

RAaYMOND B. SEED AND JEFFREY R. RAINES

Despite recent advances in the ability of nonlinear finite ele-
ment analysis methods to model soil-structure interaction phe-
nomena associated with buried flexible culverts, there are cur-
rently few published full-scale field data available for evaluation
of the accuracy and reliability with which nonlinear finite ele-
ment methods model the influence of live vehicle loads on
culvert stability. Presented in this paper are the results of finite
element analyses of three full-scale field cases involving culvert
failure under exceptional live (vehicle) loads. Field evidence in
all three cases suggests that the live loadings applied only barely
exceeded the structural capacities of the culvert systems so that
these three case studies provide a good basis for evaluation of
the accuracy and reliability of the finite element analysis meth-
ods employed in these studies. A new empirical procedure is
employed in these studies to develop equivalent line loads used
to provide a representative plane strain modeling of actual
discrete vehicle wheel loads. The results of these case studies
provide good support for the accuracy and reliability of the
analytical procedures used in these studies.

The past 15 years have seen steady improvement in the ability
of nonlinear finite element analysis methods (FEM) to model
and analyze soil-structure interaction phenomena associated
with buried flexible culvert structures. Full-scale case studies
and observed long-term successful performance of culvert
designs based on such analysis methods suggest that incre-
mental FEM are now able to model backfill loading and com-
paction-induced stresses with good accuracy for many types
of culvert and backfill configurations and conditions.

Unfortunately, however, there are few published data cur-
rently available on the ability of nonlinear FEM to correctly
model the influence of surficial live (vehicle) loads on culvert
stability. This stems, in part, from the large expense associated
with performance of meaningful full-scale live load tests to
failure or near-failure conditions, as well as from the under-
standable reluctance of engineers and culvert manufacturers
to disseminate information on field cases involving live-load-
induced culvert distress or failure, or both. The study of such
field cases involving distress or failure would represent an
excellent basis for evaluation of the ability of FEM to accu-
rately model live load effects on culvert stability.

Presented in this paper are the results of finite element
analyses of three field cases involving culvert distress or failure
resulting from inadvertent application of exceptional live loads,
where exceptional live loads are vehicle loads considerably in
excess of allowable design loading. Two of the cases consid-

R. B. Seed, Department of Civil Engineering, University of Cali-
fornia, Berkeley, Calif. 94720. J. R. Raines, Department of Civil
Engineering, Stanford University, Stanford, Calif. 94305S.

ered involve long-span flexible pipe arch culverts, and the
third case involves a 15-ft span flexible box culvert structure.
All three of these cases are of particular interest because field
evidence suggests that the live loadings applied only barely
exceeded the structural capacities of the culvert systems. Back-
analysis of these cases, therefore, provides an excellent basis
for evaluation of the accuracy and reliability of the nonlinear
FEM used to model these live load effects.

COOPER CITY PIPE ARCH CULVERT
STRUCTURES

The first two case studies involve a pair of long-span corru-
gated aluminum pipe arch culverts near Cooper City, Florida,
that were damaged by exceptional live loads during construc-
tion in 1985 and 1986. Both structures have since been repaired
and have performed well under design live loading conditions.

28-Ft Span Pipe Arch

Shown in Figure 1(a) is a schematic cross-section of a long-
span pipe arch culvert that was damaged by exceptional live
loading in September of 1985. The structure is a corrugated
aluminum pipe arch culvert with a span of 28 ft 5 in. and a
rise of 17 ft 10 in. installed to provide a canal overpass. The
culvert consists of 0.15-in.-thick 9- X 2 1/2-in. corrugated
aluminum plate with Type IV aluminum stiffening ribs spaced
at 54 in. on center across the crown. The structure was designed
to support HS-20 live traffic loads (32 kips on a single axle)
at the final backfill configuration, which would consist of 4 ft
of backfill cover over the crown with a concrete relieving slab
occurring immediately above the crown of the culvert.
Conditions at the time of culvert damage are illustrated in
Figure 1(a). The backfill was only partially completed, and
had not yet reached the crown of the structure. At this stage
of backfill placement, long-span culverts were vulnerable to
damage by large vehicle loads occurring above the culvert
crown with shallow soil cover, and such large vehicle loads
were thus disallowed by design specifications for backfill
placement and compaction procedures. Nonetheless, early on
the morning of September 3, 1985, a large 16-yd® dump truck
carrying backfill arrived at the project before routine backfill
operations began and passed close alongside the structure,
depositing its material. Photographic evidence of tire tracks
indicate that the closest rear wheel of the truck travelled
parallel to the culvert at a lateral distance of approximately
2 ft from the exposed structure, as indicated in Figure 1(a).
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elastic range, revealing its true reserve capacity beyond the
first incidence of steel yielding.

CONCLUSIONS

The objectives of the load test were to validate the structural
integrity of the box-arch culvert section and to verify that the
computer model generated by the modified CANDE program
provided a valid representation of the structurai behavior of
the buried culvert.

The structure greatly exceeded all performance require-
ments for highway loading. It carried a load greater than 5
times an HS20 design service load without impact and sus-
tained the load through succeeding deformations imposed by
the loading jack. The required ultimate capacity, including
impact, was 2.8 times the service load. Material tests indicated
that actual steel and concrete strengths were somewhat higher
than the values used in the design. Correcting the analysis for
the effect of these higher strength materials still resulted in a
conservative design.

The CANDE program has been demonstrated by many
others to be a reliable method to use to model the perfor-
mance of buried structures. Because of the relatively high
stiffness of the culvert, the predominant effect in this test
was the structural behavior of the precast unit. The soil-
structure interaction would have increasing and earlier effects
for longer spans, higher fills, and level ground surfaces above
the structure.
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(b) Finite Element Mesh Representing Conditions at Fallure

FIGURE 1 Twenty-eight-ft span pipe-arch culvert structure near Cooper City,
Florida (a) Schematic cross-section showing backfill configuration and critical live
vehicle loading at failure conditions, (b) Finite element mesh representing
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conditions at failure,

This resulted in inward flexural failure of the upper quarter
region of the culvert along a length of approximately 40 ft of
the culvert (whose total length was approximately 200 ft), as
illustrated schematically in Figure 2. This “failure” was nei-
ther rapid nor catastrophic in nature, as the truck drove off
the fill without difficulty and the deformations of the buckled
zone did not lead to full culvert collapse with the vehicle
loading thus removed. This, along with observations made
during subsequent excavation and repair (by plate replace-
ment) of the damaged culvert region, suggests that this excep-
tional live loading barely induced failure. As a result, this
failure represents an excellent opportunity to evaluate the
ability of finite element analyses to correctly model live load
effects on culverts.

Figure 2 is a schematic illustration of the observed defor-
mation modes of the failed culvert region. The large live load
in close proximity to the structure resulted in inward flexure
of the upper quarter-point region of the culvert, with for-
mation of two plastic hinges representing failure in flexure at
Points A and B. These hinges were manifested as clearly
visible creases in the corrugated structural plate. Careful
inspection of the structure revealed no additional plastic hinge
in the region between Point A and the crown of the structure;

instead, deformations in this upper region were related to
smoother curvature spread more evenly over the rib-rein-
forced crown. There was no sign of flexural failure in this
upper crown region.

Finite element analyses were performed to model this fail-
ure using the program SSCOMP (1), a plane strain finite
element code for incremental nonlinear analysis of soil-struc-
ture interaction. The finite element mesh used for these anal-
yses is shown in Figure 1(b). Soil elements were modeled with
four node isoparametric elements and the culvert structure
was modeled with piecewise linear beam elements. Nonlinear
stress-strain and volumetric strain soil behavior was modeled
using the familiar hyperbolic formulation proposed by Dun-
can et al. (2), as modified by Seed and Duncan (3), and
structural behavior was modeled as linear elastic. Nodal points
at the base boundary were fixed against translation, and nodal
points at the right and left boundaries were fixed against
lateral translation but were free to translate vertically, The
analyses were performed in steps or increments, incrementally
modeling layerwise placement of backfill and then, ultimately,
the application of live loads representing the 16-yd* dump
truck.

The backfill material was a loosely dumped gravel (GW)
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FIGURE 2 Schematic representation of observed
failure mode of 28-ft span pipe-arch culvert near
Cooper City, Florida.

below the water table, and a fine silty sand (SM) compacted
to a minimum of 90 percent relative compation (modified
AASHTO, ASTM D1557) above the water table. The foun-
dation soil was a partially cemented silty clayey sand (SM),
which was judged to have properties similar to the upper
compacted backfill zone. Listed in Table 1 are the hyperbolic
soil model parameters used to model the foundation soils and
the upper and lower backfill zones. All parameters are effec-
tive stress parameters, and water table effects were modeled
by using buoyant unit weights below the water table.

Listed in Table 2 are the properties used to model the
various components of the culvert structure. Elastic section
moduli for the corrugated aluminum plate sections are based
on large-scale flexural test data. Section moduli of the ribbed
crown section were modeled as intermediate between the the-
oretical value for the crown plate and ribs functioning as a
composite beam and the theoretical value for the ribs and
crown plate each functioning independently. This is again
based on large-scale flexural test data and represents the effects
of shear slippage at the plate and rib connections. The ulti-
mate plastic moment capacities listed in Table 2 are also based
on large-scale flexural test data.

The dashed line in Figure 3 shows the calculated bending
moments around the perimeter of the culvert structure result-
ing from placement of backfill up to the elevation shown in
Figure 1, but without additional live load application. The
maximum calculated bending moments in the crown and upper
haunch (shoulder) regions are approximately 0.92 kip-ft/ft and
0.98 ft/ft, representing factors of safety (FS) of approximately

TABLE 1 HYPERBOLIC SOIL MODEL PARAMETERS
USED TO MODEL COGPER CITY CULVERT BACKFILL
AND FOUNDATION SOILS

Foundation Backfill Below Backfill Above
Soil Water Table Water Table

y(Ib/ft?) 63 78 125

K 450 400 450

" 0.25 0.4 0.25

R, 0.7 0.7 0.7

K, 350 120 35

m 0 0.2 0

¢ 0 0 0

b 34° 36° 34°

Ad 6° 4° 6°
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TABLE 2 STRUCTURAL PROPERTIES USED TO MODEL
28-FT-SPAN COOPER CITY PIPE-ARCH CULVERT
STRUCTURE

Plastic
Moment
Structural Modulus:E  Area [ (x 10-%) Capacity:M,
Component (kip/ft?) (ft/ft)  (fté/ft) (kip-ft/ft)
Crown with ribs 1,468,800 0.018 1.86 6.82
Invert and 1,468,800 0.015 0.72 3.18
haunches

FS =~ 7.4 and FS = 3.2 with respect to flexural failure in these
two regions, respectively, at this stage of backfill placement.

The plane strain finite element formulation used for these
analyses requires that the actual discrete vehicle wheel loads
be represcented by one or more equivalent (plane strain) line
loads. A number of procedures have been employed for devel-
oping such representative line loads, but none has gained
universal acceptance. The procedure used in this study to
develop equivalent line loads providing representative plane
strain modeling of discrete vehicle wheel loads is a slightly
modified version of an equivalent line load estimation pro-
cedure proposed by Duncan and Drawsky (4).

Duncan and Drawsky proposed that the equivalent line load
used to model a wheel or an axle with several wheels should
be the line load that provides the same maximum vertical
stress beneath the wheel(s) on a plane at the depth of the top
of the culvert crown as would the actual three-dimensional
wheel loading, based on Boussinesq (5) linear elastic vertical
stress distribution analysis. This approach is inherently slightly
conservative because it provides a line load producing this
peak stress along the full length of the culvert, whereas dis-
crete wheel loads provide this stress only beneath the actual
wheels, with lesser stresses away from the wheel loading points.
This inherent conservatism is minimized, however, in cor-
rugated culverts, which do not have significant flexural stiff-
ness longitudinally along the culvert and which are, therefore,
vulnerable to localized overstressing directly beneath discrete
wheel loads.

Duncan and Drawsky developed a simple equation and
tabulated solution expressing their equivalent line load esti-
mation procedure as

LL = AL/K4 (1)
where
LL = equivalent line load (kips/ft),

AL
K4

Presented in Table 3 are the K4 values deveioped by Duncan
and Drawsky based on Boussinesq elastic analyses for various
depths of soil cover, where depth of soil cover (Hc) is defined
as the vertical distance from the base of the wheel(s) to the
top of the culvert.

This equivalent base of the wheel(s) to the top of the
culvert. )

This equivalent line load estimation procedure was modi-
fied in this study by defining equivalent depth of soil cover
(Hc) as the shortest radial distance from the base of a wheel
load to the culvert plate, and then by using the same K4 values
as shown in Table 3. This modification provides improved

total axle load (kips), and
load factor (ft).
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FIGURE 3 Calculated bending moments with and without live load

application: 28-ft span pipe-arch culvert.

modeling of live loads not centrally located above the culvert
crown.

The fully loaded 16-yd* dump truck that precipitated the
first Cooper City culvert failure had a rear axle load of approx-
imately 46 kips. Allowing for several inches of observed rut-
ting or tire indentation into the backfill surface, the equivalent
depth of cover for the rear wheel of the truck closest to the
culvert was approximately 2 ft, corresponding to a value of
K4 = 5.3 ft. This rear wheel was therefore modeled with an
equivalent line load of LL =~ 46 kips/5.3 ft = 8.68 kips/ft
applied at a lateral distance of 2 ft from the culvert at the fill
surface, as shown in Figure 1(b). The front and right-hand
side wheels of the truck were sufficiently far from the loading
region of interest to have had a negligible additional effect
on culvert stresses in the region of interest (this was verified
by means of additional three-dimensional stress distribution
analyses considering all four wheels).

The solid line in Figure 3 indicates the calculated bending
moments around the perimeter of the culvert following mod-
eling of application of an equivalent surface line load of 8.68
kip-ft/ft 2 ft from the culvert, as shown in Figure 1(b). This
live load application caused a large increase in bending moments
in the upper haunch (shoulder) and crown regions, as shown
in Figure 3, and resulted in a calculated moment of 3.24 kip-
ft/ft at a point in the upper haunch region shortly below the
crown stiffening ribs. This barely exceeds the plastic moment

TABLE 3 VALUES OF K, FOR CALCULATION OF
EQUIVALENT LINE LOADS REPRESENTING SURFACE
VEHICLE LOADS (after Duncan and Drawsky, 1983)

Cover Values of K, (ft.)

Depth

H._ (ft.) 2 Wheels/Axle 4 Wheels/Axle 8 Wheels/Axle
1 4.3 5.0 8.5

2 5.3 6.4 9:2

3 7.9 8.7 10.6

5 12.3 12.5 13.5

7 14.4 14.5 14.6

10 16.0 16.0 16.0

20 28.0 28.0 28.0

capacity of 3.18 kip-ft/ft at this point (as listed in Table 2)
and would be expected to result in formation of a plastic hinge.
The location of this hinge closely corresponds to the actual
observed hinge location at Point 4 in Figure 2. A second large
bending moment occurs approximately at the location of the
second observed plastic hinge at Point B.

The calculated factor of safety (FS) at this location is =~
3.18/3.02 = 1.05, and this would appear to provide satisfac-
tory agreement with field observations, suggesting that flex-
ural failure barely occurred. The maximum calculated crown
moment is 2.64 kip-ft/ft, and thus represents a FS = 6.82/2.64
= 2.6 in the rib-reinforced crown region, and so agrees with
the observation of some bending but no plastic hinge for-
mation in this region.

These analyses provide surprisingly good agreement with
field observations inasmuch as (a) they correctly predict the
approximate location and occurrence of the two observed
plastic hinges at Points A and B, (b) they correctly predict
no third plastic hinge formation in the crown region, and (c)
they concur with field observations that the distressed culvert
region barely failed. Nonlinear finite clement analyses
employing the modified Duncan-type live load modelling
assumption thus appear to provide excellent prediction of
observed field behavior for this case study.

Subsequent to this live-load-induced failure, the pipe-arch
culvert structure was excavated and the damaged corrugated
structural plate was replaced. The remaining backfill and
relieving slab were then placed. The structure has since per-
formed successfully under its original design live loading con-
ditions, including overpassage by the same type of fully loaded
16-yd* dump trucks as those that caused the initial culvert
distress.

27-Ft Span Pipe Arch

A second, similar pipe-arch culvert structure also in a canal
near Cooper City, Florida, was damaged by inadvertent
exceptional live loading in August 1986. A schematic cross-
section of this second culvert is shown in Figure 4(a). The
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FIGURE 4 Twenty-seven-ft span pipe-arch culvert structure near Cooper City,
Florida (a) Schematic cross-section showing backfill configuration and critical
live vehicle loading at failure conditions, (b) Finite element mesh representing

conditions at failure.

structure has a span of 27 ft and a rise of 17 ft 2 in. The
culvert consists of 0.125-in.-thick 9 % 2 1/2-in. corrugated
aluminum plate with Type II aluminum stiffening ribs spaced
at 54 in. on center across the crown. Backfill and foundation
soils are essentially the same as those described previously
for the 28-ft span pipe arch culvert, and the structure had a
10-in.-thick concrete relieving slab immediately above the crown
of the structure, overlain by an additional 8 to 10 in. of com-
pacted crushed shell and stone intended as a road base.

The relieving slab covered the entire central portion of the
culvert, which was designed to carry HS-20 live traffic loading.
Unfortunately, after completion of slab construction, backfill
placement, and even road paving before installation of road
curbs, a fully-loaded 16-yd* dump truck traveled off the edge
of the paved zone and collapsed the crown of the end of the
culvert outside the zone protected by the concrete relieving
slab. A schematic illustration of conditions at the time of this
failure is shown in Figure 4 (a). The large truck halted (parked)
with its front wheels approximately 6 ft from the center line
of the culvert, and the collapse proceeded fairly slowly with
the front axle of the truck descending slowly into the canal
and the driver sustaining no injury.

This failure was modeled with the program SSCOMP using
the same procedures as described previously. Figure 4(b) shows
the finite element mesh used for these analyses. Backfill and
foundation soils were similar to those described previously
for the 28-ft span pipe arch culvert, and the soil model param-
eters listed in Table 1 were again used to model the foundation
and backfill soils. Structural properties used to model the
culvert itself differ slightly from those of the previous study;
the structural properties modeled in this analysis are listed in
Table 4.

TABLE 4 STRUCTURAL PROPERTIES USED TO MODEL
27-FT-SPAN COOPER CITY PIPE-ARCH CULVERT
STRUCTURE

Plastic
Moment
Structural Modulus:E  Area  1(x107¢)  Capacity:M,
Component (kip/ft?) (ftz/ft)  (ft¥/ft) (kip-ft/ft)
Crown with ribs 1,468,800 0.015 1.20 4.62
Invert and
haunches 1,468,800 0.012  0.60 2.65
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The equivalent line load used to provide a representative
plane strain modeling of the actual discrete vehicle loading
was again based on the modified Duncan empirical load esti-
mation procedure. The front axle of the 16-yd® dump truck
carried a load of approximately 42 kips on two wheels. After
allowing for observed rutting or tire indentation of approxi-
mately 8 in. in the unpaved backfill surface (the truck traveled
off the paved surface underlain by the: relieving slab), the
remaining depth of soil cover between the base of the wheels
and the top of the culvert plate was approximately 12 in., and
the corresponding live load factor from Table 3 is K4 = 4.3
ft. This led to modeling of the front wheel loads with an
equivalent line load of LL = 42 kips/4.3 ft = 9.8 kips/ft. The
rear wheels of the truck were far enough from the structure
so that they contributed negligibly to the culvert stresses. This
was verified by performing analyses with and without mod-
eling the rear axle as a line load of 10 kips/ft. Inclusion or
omission of the rear axle line load changed the calculated
bending moments in the culvert by less than 5 percent.

Calculated bending moments in the culvert before and after
application of the 9.8-kip/ft. line load modeling the front axle
of the truck is shown in Figure 5. The dashed line represents
moments resulting from backfill loads only, and corresponds
to an FS with respect to flexural failure of more than 3.0
throughout the crown region. The solid line represents moments
with the live vehicle loading applied. The two points circled
on this figure indicate bending moments of 4.64 kip-ft/ft and
8.31 kip-ft/ft, both of which equal or exceed the flexural plastic
moment capacity of the culvert crown region, which is approx-
imately 4.62 kip-ft/ft. This analysis, therefore, also appears
to provide good agreement with observed field behavior, which
in this case involved failure of the crown region in flexure.

RANCHO FLEXIBLE BOX CULVERT
STRUCTURE

The third case study considered a 15-ft span corrugated alu-
minum box culvert structure near Rancho, California, that
was crushed by a 95-kip scraper that passed over the crown
of the structure, greatly exceeding the allowable design live
loading, in March 1985. The structure has since been replaced
and has performed well under design loading conditions.

A schematic cross-section of the box culvert and live load
conditions at the time of failure is shown in Figure 6. The

4.64 k~ft/ft

WITHOUT
SURFACE LOAD

MOMENT SCALE
—
0 2 4k-ft/ft

FIGURE 5 Calculated bending"
moments with and without live load
application: 27-ft span pipe-arch
culvert.
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structure was a corrugated aluminum box culvert with a span
of 14 ft 8 in. and a rise of 4 ft 1 in., installed to provide a
roadway bridge over a stream. The culvert consisted of a
0.175-in.-thick 9 X 2 1/2-in. corrugated aluminum plate with
Type IV aluminum bulb angle stiffening ribs at 27-in. spacing
reinforcing the crown and upper haunch regions, and Type
IT aluminum bulb angle stiffening ribs at 27-in. spacing rein-
forcing the lower haunch regions. The culvert was cast into
a full reinforced concrete invert slab. The structure was designed
to support HS-20 live traffic loads at the final backfill config-
uration, which would consist of 24 in. of soil cover above the
crown of the culvert overlain by a paved road surface.

In March 1985 the structure failed during inadvertent cross-
ing by a fully loaded scraper with a total weight of approxi-
mately 95 kips. This crossing was the result of operator error,
as such large vehicle loads were proscribed by both design
and operating regulations.

This failure was modeled with the program SSCOMP using
the same procedures as those described previously. The finite
element mesh used for these analyses is shown in Figure 7.
As the rear wheels of the scraper contributed negligibly to
the failure, the problem was symmetric about the box culvert
center line and only a half mesh was used. Nodal points out
that the right-hand boundaries of this mesh were free to trans-
late vertically but were fixed against both lateral translation
and rotation. Backfill and foundation soils were a silty clay
of low plasticity (CL) compacted to a minimum of 90 percent
relative compaction (modified AASHTO, ASTM D1557), and
were modeled with the following hyperbolic soil model param-
eters: hm = 125/ft3, K = 150, n = 0.45, Rf = 0.7, Kb =
110, m = 0.25, ¢ = 400 ft? and ¢ = 30 degrees. The structural
properties used to model the box culvert and invert slab are
listed in Table 5.

Examination after the failure showed that the box culvert
structure failed when the front axle of the scraper was essen-
tially directly over the center line of the box culvert. The
surface of the fill had not yet been paved and the scraper
wheels rutted or indented into the fill surface so that the
effective backfill cover depth between the bases of the front
wheels and the crown of the structure was approximately 18
or 19 in. The front axle load was approximately 60 percent
of the total vehicle load, or about 57 kips, which greatly
exceeded the 32 kip HS-20 single axle design load intended
for a paved fill surface. This front axle load was again modeled
as a representative equivalent line load based on the modified
Duncan empirical load estimation procedure, with K4 — 4.85
ft. The 57-kip front axle load on two wheels with 19 in. of
soil cover was thus modeled as an equivalent line load of 57
kips/4.85 ft = 11.8 kips/ft. One-half of this line load (5.9 kips/
ft) was applied to the surface of the backfill above the culvert
center line (at the extreme right edge of the finite element
mesh shown in Figure 7).

The calculated bending moments in the box culvert before
and after application of the 5.9 kip/ft line load modeling the
front wheels of the scraper are shown in Figure 8. The dashed
line represents moments caused by backfill loads only and
these moments are small relative to the flexural capacities of
the culvert crown and haunch regions. The solid line repre-
sents moments with the live vehicle loading applied. The max-
imum calculated bending moments of 14.0 kip-ft/ft and 12.6
kip-ft/ft at the center line and tops of the two haunches,
respectively, both exceed the culvert plastic moment capac-
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FIGURE 6 Schematic cross-section of the Rancho box culvert showing
critical vehicle loading at the time of failure.

ities of 10.39 and 7.94 kip-ft/ft, respectively (as shown in Table
5). The locations of these calculated maximum moments closely
correspond to the observed locations of flexural failure, as
manifested by clearly discernible creasing and tearing of the
corrugated aluminum structural plate. These analyses, there-
fore, appear once again to provide excellent agreement with
observed field behavior.

SUMMARY AND CONCLUSIONS

Three full-scale field case studies were considered involving
failure of flexible long-span culvert structures caused by

exceptional live loads. Each case was analyzed using nonlinear
FEM. An empirical procedure was proposed for developing
equivalent line loads used to provide a representative plane
strain modeling of actual discrete vehicle wheel loads. This
empirical procedure represents a slight modification of an
earlier procedure proposed by Duncan and Drawsky (4).
For all three field cases considered, the nonlinear finite
clement analyses performed provided excellent agreement with
observed field behavior, correctly predicting not only failure
conditions but also observed failure modes. This provides
good support for the accuracy and reliability of the FEM and
equivalent line load modeling procedures employed in these
studies. This is particularly so because the case studies con-

LL

FIGURE 7 Finite element mesh representing the Rancho box

culvert structure at the time of failure.
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TABLE 5 STRUCTURAL PROPERTIES USED TO MODEL
15-FT-SPAN BOX CULVERT STRUCTURE AT RANCHO
CALIFORNIA

Plastic
Moment
Structural Modulus:E  Area [ (x10-7) Capacity:M,
Component (kip/tt?) (ft2/ft)  (fee/ft) (kip/ft/ft)
Crown with Type
1V ribs 1,468,800 0.026 3.70 10.39
Invert and
haunches with
Type Il ribs 1,468,800  0.022 2.72 7.94
Concrete invert
slab 520,000 0.67 250 Large
12.6 k-ft/ft
®) |
14.0 k-ft/ft

—
o] 5 10 15 k-ft/ft

FIGURE 8 Calculated bending
moments with and without live
load application: 15-ft span
Rancho box culvert.

sidered involve situations wherein field evidence suggests that
the exceptional live vehicle loadings applied only barely
exceeded the structural capacities of the culvert systems
(structural capacities were exceeded by less than 10 percent
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for three of the six flexural failures predicted by the analyses
performed) so that back analysis of these cases provides a
good basis for evaluation of the accuracy and reliability of
these analytical methods.
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Allowable Fill Heights for Corrugated

Polyethylene Pipe

MicHAEL G. KAaTONA

Provided in this study are fill height tables and graphs that
give the maximum allowable burial depth of regularly pro-
duced sizes of corrugated polyethylene pipe with diameters
ranging up to 30 in. The employed design criteria satisfy the
proposed American Association of State Highway and Trans-
portation Officials specifications for service load design of plas-
tic pipe including thrust stress, vertical deflection, flexural
strain, and buckling. Both short-term and long-term polyeth-
ylene properties are used for the design evaluation, as well as
the influence of soil type and compaction. Design solutions are
determined with the aid of the CANDE computer program and
compare favorably with laboratory test data. As a final result,
knowing values for the inside and outside diameter along with
the corrugated sectional area, an engineer may determine the
maximum allowable burial depth for a 50-year design life by
directly reading from the tables and graphs that are presented
as a function of soil type and compaction. In addition, design
guidelines are provided to interpolate the increase in allowable
burial depths for design periods less than fifty years.

Corrugated pipe composed of high density polyethylene has
become an economically attractive alternative to corrugated
metal, clay, and reinforced concrete pipe in small-diameter
culvert applications. Prior to this work, however, a rational
set of tables and guidelines to determine the maximum allow-
able burial depth of corrugated polyethylene pipes has not
been published in the open literature. Such fundamental infor-
mation is required for a variety of applications, such as cul-
verts under deep highway embankments.

Herein lies the objective of this paper. Using proven prin-
ciples and techniques of soil-structure interaction analyses,
tables are developed that give the maximum allowable fill
height for corrugated polyethylene pipe based on structural
considerations that take into account pipe size, corrugation
geometry, backfill soil quality, and design life.

Pipe sizes (i.e., the inside diameters) considered in this
study are 4, 6, 8, 10, 12, 15, 18, 24, and 30 in. For each pipe
size, the corrugated sectional area (i.e., area resisting hoop
compression per unit length of pipe) is treated as the major
design variable. Coupled with each pair of values for pipe
size and sectional area are polyethylene property variations
for short- and long-term behavior. Also considered are soil
property variations, ranging from fair to good quality depen-
dent on soil type and level of compaction.

All combinations of these variables constitute the input data
to the soil-structure analysis program, CANDE (7). Output is
the allowable fill height as a function of input in conformance

Ballistic Missile Division, P.O. Box 1310, San Bernardino, Calif.
024072

with the American Association of State Highway and Trans-
portation Officials (AASHTO) design criteria and specifications
(2). Details of the design input variables, design methodology,
and final results are presented in sequential order.

The following limitations and restrictions should be kept in
mind. Results are only applicable to high-fill installations, that
is, live loads are negligible. The soil envelope surrounding
the pipe is assumed homogeneous and properly compacted;
this excludes the use of hard beddings or stiff inclusions, or
both, as well as loose or soft backfill materials within two
diameters of the pipe circumference. In spite of these restric-
tions, the overall design approach is very conservative so that
the allowable fill heights may be used with a great deal of
confidence.

CORRUGATED PLASTIC PIPE PROPERTIES

For structural analysis, the robustness of a corrugated pipe
can be assessed by the hoop stiffness, which is proportional
to the corrugated section area, and by the flexural (ovaling)
stiffness, which is proportional to the corrugation moment of
inertia. As will be shown later, the corrugated section area
is the key section property that controls the allowable burial
depth because thrust stress (hoop stress) is almost always the
controlling design criterion. Accordingly, the moment of iner-
tia does not influence the allowable burial depth as long as
its value is greater than a certain minimum value that pre-
cludes deflection, flexural strain, or buckling from controlling
the design.

Unlike the corrugated metal pipe industry, the manufac-
turers of corrugated plastic pipe do not employ a standardized
set of corrugated shapes for each pipe diameter. Rather, a
typical plastic pipe manufacturer makes only one corrugation
size per pipe size. However, the corrugated shape made by
one manufacturer and that of another may differ markedly
in material thickness, shape, and height of the corrugation.
The only geometric pipe property that is reasonably well
standardized is the inside diameter, also called the pipe size.

A special study on the corrugated section properties was
obtained from five of the largest plastic pipe manufacturers
and is described as follows.

A STUDY OF CORRUGATED SECTION PROPERTIES
Manufacturers’ Data

Shown in Figure 1 is a typical corrugated cross-section and
listed in Table 1 are corrugated section properties reported
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FIGURE 1 Corrugated sections, with A
and h constant.

by five of the largest plastic pipe manufacturers from a letter
survey. The variation in section properties within each pipe
size is readily apparent. This expected scatter of values, how-
ever, is amplified by computational errors in computing or
reporting the section properties. Thus, a reliable method of
determining corrugated section properties needs to be devel-
oped before a workable design methodology can be es-
tablished. These issues are addressed for the corrugated sec-
tion area, moment of inertia, and corrugation height in the
following.

Section Area

A simple, yet reliable, method of determining the section area
was suggested by William Altermatt of Hancor, Inc. The method
entails weighing a pipe of length L, and measuring the inside
and outside diameters. Knowing the density of polyethylene,
the section area is then given by

A = 2W/[L d w (ID + OD)] 1)
where

A = cross-sectional area (in.%in.),

W = weight of pipe (Ib),

d = polyethylene density (Ib/in.?),

high density polyethylene = 0.0344 Ib/in.3,
ID, OD = inside and outside diameters (in.), and
w = 3.14.
Equation 1 is derived by equating the measured weight W to
the product of the pipe’s solid volume times the density d.
The solid volume is given exactly by the product 2wALR,
where R is the pipe’s radius to the geometric centroid of the
corrugated section. In Equation 1, it is assumed that the cor-
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rugation is symmetric so that R = (ID + OD)/4 (i.e., R is
at mid-height of corrugation). For nonsymmetric corruga-
tions, Equation 1 introduces a small error, but certainly less
than 5 percent.

Following a second letter survey, the five manufacturers
recomputed the section areas in accordance with Equation 1,
and the results are shown in the last column of Table 1. It
may be observed that these values show more uniformity than
the original set, and it is believed that the variations that do
exist in the revised properties reflect real differences between
pipe products.

Moment of Inertia

As already stated, the moment of inertia does not influence
the allowable burial depth because thrust stress usually con-
trols the design. Thus, for design purposes, a relationship is
sought that serves as a lower bound for the “actual” moment
of inertia used in manufactured products. If it is found that
the lower bound is adequate (i.e., thrust is still the weak link),
then it can be assumed that the actual moment of inertia is
adequate.

To establish a lower bound, consider the following expres-
sion for the moment of inertia, I:

1 = ARz )

where

A = corrugation sectional area,
h = height of corrugation = (ID — OD)/2, and
z = a constant, dependent on corrugation form.

I

Given that A is known (e.g., by Equation 1), and because h
is easily measured, then the value of I in Equation 2 depends
on the shape parameter z, that is, how the material is dis-
tributed about the centroid. NoOw the largest possible value
for I would be achieved by splitting the net area into two
parts separated by the corrugation height 4, as shown in Fig-
ure 1(b). Although this is not physically possible because it
does not leave any web material to connect the two parts, it
is an upper bound for  from which the parameter z is easily
deduced: z = 4. If, on the other hand, all the material arca
is distributed to web-like connectors, as shown in Figure 1(c),
then a theoretical lower bound on [ is found from which the
parameter z is again easily determined: z = 12.

Using these theoretical upper and lower bounds, the con-
sistency of manufacturers’ data in Table 1 can be checked and
a practical lower bound established. From Equation 2 z =
Ah h/I can be computed, where I, A, and h are taken directly
from Table 1 [A is the revised area, and A = (OD — ID)/
2]. These values of z are shown in Figure 2 as a range of five
values for each pipe size. Note that some of the plotted z
values are less than 4, implying that the associated values for
I are clearly too high, exceeding the theoretical upper bound.
Note that the z values are greater than 12, implying none of
the reported values for [ are clearly too low. As shown in
Figure 2(c), the line z = 10 provides a reasonable lower bound
estimate for design. Said another way, all reported values of
I are greater than the value of I given by Equation 2 with
z = 10.
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TABLE 1 MANUFACTURED SECTION PROPERTIES

NOMINAL MANU- INSIDE | OUTSIDE AREA MOMENT AREA
DIAMETER |FACTURER®| DIA. DIA. (ORIGINAL)| INERTIA ! (REVISED)
in in in in2/in in%in in2/in
4 A 4.02 4.72 0.0533 0.001103 0.056

(o} 3.94 4.86 0.186 0.00211 0.060
P 4.10 4.70 0.0564 0.000834 0.053
u 4.06 4.65 0.0644 0.000966 -
H - - - - 0.053
6 A 6.00 6.92 0.0717 0.00343 0.086
o} 5.91 6.89 0.2234 0.00795 0.081
P 5.94 6.87 0.1150 0.00389 0.075
U 6.06 6.75 0.0873 0.00201 =
H - - - e 0.060
8 A 8.12 9.50 0.0917 0.010 0.102
(o] 7.87 9.25 0.234 0.0151 0.102
P 7.79 9.47 0.112 0.00791 0.092
U 8.16 9.63 0.111 0.00709 -
H - - - - 1 0.081
1
10 A 10.11 11.90 0.125 0.019 0.128
[¢] 9.84 11.81 0.222 0.0364 0.144
P 9.98 11.71 0.145 0.0146 0.120
U 10.20 11.83 0.0886 0.0171 -
H - - - =2 0.114
12 A 12.10 14.80 0.125 0.034 0.166
o] 11.81 13.98 0.235 0.046 0.161
P 11.77 14.16 0.292 0.0505 0.173
u 12.18 14.42 0.117 0.0283 z
H 11.85 14.03 0.168 0.0260 0.156
15 A 15.05 18.80 0.178 0.070 0.193
(o} 15.75 18.50 0.250 0.0612 0.212
P 14.35 18.70 0.227 0.0917 0.196
u 15.00 18.44 0.396 0.153 -
H 14.81 17.74 0.224 0.059 0.184
18 A 17.86 21.41 0.230 0.090 0.231
o} 17.72 20.67 0.276 0.0867 0.238
P - = - - 0.224
u 18.10 21.28 0.296 0.111 -
H 18.20 21.51 0.214 0.077 0.227
24 A 23.86 28.16 0.353 0.200 0.336
(o] 23.62 27.95 0.297 0.1696 0.332
P - = - -- 0.289
u 24.375 | 27.875 0.322 0.159 -
H 24.20 28.40 0.277 0.155 0.299
30 A - - - =
(o} - - - - -
P - - = - =
u 30.00 34.55 0.356 0.244 -
H 5 - i - =
‘MANUFACTURERS
A = ADS
O= Big0O
U = United Extrusions
P = Plastic Service, Inc.
H = Hancor

Corrugation Depth

Although the corrugation depth is easily measured, a design
relationship is sought that will give a lower bound estimate
for h as a fraction of pipe size. Shown in Figure 3 are the data
points, ID/A versus ID, taken from Table 1. Here it is observed
that 11)/h = 14 provides the desired relationship. that is.

in all cases the corrugation height is greater than Y of the
diameter.

To summarize, this study provides a simple method to accu-
rately determine the section area A using Equation 1. Know-
ing A, a lower bound estimate for the moment of inertia is
given by Equation 2 in which the corrugation height can be
taken as Y14 of the inside diameter.
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FIGURE 2 Consistency check on moments of inertia.

Pipe Geometry

Based on this study, the “‘matrix” of corrugated section areas
selected for the design study is listed in Table 2. That is, for
each pipe diameter, three corrugated section areas are chosen
and designated as low, medium, and high values so that the
high and low values bracket the actual values reported by the
manufacturers. For the sake of uniformity, the range between
high and low values of sectional areas is kept constant at 0.1
in.?/in.

Associated with each pipe size and sectional area in Table
2, the design procedure conservatively assumes that the cor-
responding moment of inertia is given by Equation 2 and the
corrugation height is given by Equation 1.

Pipe Material

Polyethylene exhibits significant creep behavior under con-
stant loading. Thus, the effective long-term modulus is con-
siderably lower than the short-term modulus. Summarized in
the following table is the AASHTO M294 specification.

Time Period Young's Modulus Tensile Strength
(yrs) (Iblin.?) (Iblin.?)

Short term 110,000 3,000

(0.05)

Long term 22,000 900

(50.0)

It can be seen from this table that the recommended modulus
for the long term (50 years) is five times less than it is for the
short term. Stiffness reductions of this order are typical for
polyethylene, as shown, for example, in linear log (modulus)
versus log (time) plots (3).

Strength behavior is not as well studied or understood as
stiffness. The AASHTO specifications, as shown in this table,
suggest that the long-term strength is reduced by a factor of
3.3 from the short-term strength, a seemingly rather large
reduction. In any event, the properties in the table are adopted
from this study with the firm belief that they are conservative
values in keeping with the stated design philosophy.
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FIGURE 3 Reported diameter-to-corrugation height ratios.

DESIGN METHODOLOGY
CANDE Program

CANDE (Culvert Analysis and Design) is a well-known and
well-accepted finite element computer program developed
especially for the structural design and analysis of buried con-
duits (/, 4-6). Both the pipe and the surrounding soil enve-
lope are incorporated into an incremental, static plane strain
formulation. The pipe is modeled with a connected sequence
of beam-column elements, and the soil is modeled with con-
tinuum elements. For this study, CANDE was modified to
automatically determine the allowable fill height, described
subsequently. The fundamental analysis assumptions are small
deformation theory, linear elastic polyethylene properties (short
and long term), bonded pipe-soil interface, Level 2 solution
method, and the Duncan soil model.

Design Criteria

Listed in the following table are the four design criteria for
polyethylene pipe, of which the measures of pipe distress are

TABLE 2 RANGE OF SECTION AREAS ANALYZED*

Pipe ID Corrugation Area: inZ/in

in. low medium high
4 0.04 ] 0.09 0.14

6 0.05 0.10 0.15

8 0.06 0.11 0.16
10 0.08 0.13 0.18
12 0.10 0.15 0.20
15 0.15 0.20 0.25
18 0.20 0.25 0.30
24 0.25 0.30 0.35
30 0.30 0.35 0.40

*For all analyses: h = ID/14 and | = Ah2/10.
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thrust stress, relative deflection, flexural strain, and buckling
pressure. These criteria satisfy the AASHTO requirements
for service load design (2). In this study, the criteria are applied
to both long- and short-term design life. These criteria are
accepted here at face value, even though the thrust stress
criterion is thought to be very conservative.

Distress Measure Allowable Limit
Thrust stress

Flexural strain

Relative deflection (vertical)
Buckling pressure

Y2 yield stress

5.0 percent

7.5 percent

Y5 critical pressure
[Chelapati-Allgood
buckling theory (/)]

Soil Model

All design cases are analyzed for two soil conditions generi-
cally called “fair” and “good” quality soil. Specifically these
two cases were represented by the Duncan soil models for
silty clayey sand at 85 percent compaction (fair = SC 85) and
silty clayey sand at 100 percent compaction (good = SC 100).
The Duncan model parameters for these two soil conditions
are listed in Table 3. More general interpretations for these
two bracketing cases are given elsewhere in this paper, allow-
ing the solutions to be interpolated over a range of soil types
and conditions.

Design Procedure

The design procedure is best described by summarizing the
CANDE input and output. Table 2 contains 27 different input
geometries composed of 9 pipe sizes with 3 sectional arcas
per pipe size. Each of these input geometries is analyzed four
times, that is, all combinations of short- and long-term pol-
yethylene properties listed in the in-text table in the Pipe
Material section of this paper together with the two soil models
representing fair and good soil quality. Overall, 108 design
solutions were obtained with CANDE. Each design solution
is obtained by sequentially placing layer after layer of soil
above the pipe in 2- to 3-ft increments until one of the four
design criteria is violated. At that point, the program deter-
mines what proportion of the last increment exactly satisfies
the controlling design criterion, thereby determining the pre-
cise allowable fill height. Output consists of the allowable fill
height, the controlling design criterion along with the status
of the other criteria, and the complete set of structural responses
at the allowable burial depth.
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RESULTS
Comparative Studies

As a prelude to presenting the complete set of design solu-
tions, it is instructive to compare how the four design criteria
independently control the allowable fill height and, at the
same time, compare predicted performance with experimental
laboratory data from Utah State University (7). Computed
allowable fill heights for an 18-in. corrugated plastic pipe with
a sectional area of 0.22 in.?/in. used in the Utah State Uni-
versity study are shown in Figure 4. For each of the four
design criteria, four different fill heights are shown repre-
senting the four combinations of two soil conditions and two
polyethylene conditions. It is evident that the thrust stress
criterion controls in all cases, however, less so for fair soil
than for good soil. Superimposed on the figure is a data point
for the deflection criterion from a simulated deep burial test
in the Utah State University soil cell in which the soil was
reported as a silty clayey sand compacted to 85 percent
AASHTO T-99 (fair soil). A deflection reading of 7.5 percent
was recorded at an over pressure of 4,700 1b/ft?, or 40 ft of
equivalent fill height, which agrees remarkably well with the
calculated fill height of 43 ft for the 7.5 percent deflection
criterion for the case of fair soil and short-term loading. The
Utah State University test did not include strain gauges so
the thrust stress or flexural strain criterion could not be checked,
however, Utah State University investigators observed the
initiation of corrugation dimpling at 7,500/ft? (63 ft of fill).

Design Tables

The allowable fill heights for all 108 cases are listed in Table
4. The thrust stress criterion controlled in all cases except for
four cases (marked with asterisks), in which the deflection
criterion controlled marginally. On average for all cases, the
deflection criterion would allow 25 percent more fill height,
the flexural criterion would allow 30 percent more fill height,
and the buckling criterion would allow 55 percent more fill
height than the controlling thrust criterion. There is, however,
substantial variation of individual cases from these average
trends.

A graphic representation of Table 4 is shown in Figures 5,
6, and 7. Here, the dramatic influence of soil quality on the
allowable fill height is readily apparent, as is the effect of
short-term versus long-term pipe properties. In addition to
showing how deep given pipe geometry can be buried as a
function of soil quality and design life, these figures also answer

TABLE 3 STANDARD HYPERBOLIC PARAMETERS (5)

Soil ¢ d¢ C

Type (deg) (deg) (psf)

n Rt Kb m

(sc-85) | 330 0.0 200.

(SC-100) 33.0 0.0 500

0.6 0.7 50.0 05

0.6 0.7 2000 05
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the inverse question: what sectional area is required to with-
stand a given burial depth?

DESIGN GUIDELINES

The use of Table 4 and the associated Figures 5, 6, and 7, is
straightforward as long as the design problem matches the
prescribed conditions, that is, soil density is 120 Ib/ft?, soil
quality is either fair or good, and design life is long term or
short term only. For more generality, the following interpo-
lation schemes are provided to permit design solutions for
variations in soil density, soil quality, and design life.

Soil Density

The allowable fill height given in Table 4 or, equivalently, in
Figures 5, 6, and 7, is based on a reference soil density, S =
120 1b/ft3. Letting S* denote the actual soil density, then the
corresponding fill height H* may be computed as,

H* = (SISYH 3)

TABLE 4 DESIGN TABLE FOR ALLOWABLE FILL HEIGHT

PIPE PROPERTIES ALLOWABLE FILL HEIGHTS
D Corrugation Good Quality Soil Fair Quality Solil
Area S L S L
in in%/in (f) (ft) (ft) (1)
4 .04 45,0 25.2 315 12.0
.09 87.3 41.4 63.4* 23.7
14 125.2 56.6 76.9* 35.2
6 05 39.0 23.0 26.3 10.3
.10 68.6 34.3 51.3 . 18.2
15 95.5 44.9 65.7* 26.0
8 .06 35.6 21.9 23.6 9.6
R 58.1 30.6 423 15.2
.16 79.1 38.6 58.8* 213
10 .08 37.3 228 250 & 10.1
13 55.3 29.7 40.0 14.8
.18 72.4 36.2 54.8 19.5
12 .10 38.4 23.4 26.0 10.4
15 53.4 29.2 384 14.4
.20 67.8 34.6 50.7 18.3
15 15 44.0 25.8 30.7 12.0
.20 55.9 30.3 40.6 15.1
.25 67.5 34.6 50.5 18.2
18 .20 48.1 27.6 34.0 12.8
.25 57.9 31.4 423 15.8
.30 67.5 34.9 50.5 18.3
24 .25 47.9 28.4 334 13.1
.30 55.9 31.5 40.0 15.2
.35 63.7 34.4 46.6 17.2
30 .30 43.7 26.7 30.2 12.2
.35 49.7 29.0 35.2 13.8
.40 55.6 31.3 402 15.3

S = Short-term design life (0.05 years)
L = Long-term design life (50 years)
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GOOD SOIL

FAIR SOIL

DIAMETER =4 IN.

100,

DIAMETER = 6 IN.
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FIGURE 5 Allowable fill height for 4-, 6-, and 8-in. pipes.

Soil Quality

To interpolate between fair and good soil quality, Table 5
may be used with the following guidelines. Let Hf and Hg be
the allowable fill heights for fair and good soil quality as read
from the design tables or figures. Then for a selected inter-
mediate soil quality listed in Table 5, the corresponding inter-
mediate fill height, Hi, may be computed as

Hi = Hf + r(Hg — Hf) 4)

where r varies between 0 and 1.0 and is given in Table 5 as

GOOD SOIL
FAIR SOIL

DIAMETER = 10 IN.

DIAMETER = 12 IN.

a function of percent compaction for three classes of soil.
These results were taken from a previous study (5).

Design Life

For design lives of 50 years or more, the long-term allowable
fill height is appropriate. If the design life is to be significantly
less than 50 years, then the allowable fill height lies between
the long- and short-term solutions. This can be estimated
based on a linear log-log relationship in which the short-term

— SHORT TERM
=== | ONG TERM

DIAMETER = 15 IN.

1 T T T T T L

(3 -]
o o

FILL HEIGHT, FT.
FILL HEIGHT, FT.

-
[=]

Aot 1 1 -

LI B L T 100 LI L L . L

0 1
.08 13 18
AREA IN2/IN

AREA IN2/IN

AREA IN2/IN

FIGURE 6 Allowable fill height for 10-, 12-, and 15-in. pipes.
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FIGURE 7 Allowable fill height for 18-, 24-, and 30-in. pipes.

time period is taken as 0.05 years and the long-term as 50
years. Letting Hs and HI represent the allowable fill heights
for short- and long-term design periods, and denoting the
actual design-life time as ¢, then the corresponding fill height,
Ht, is given by

Ht = HI (50/fy" Q)
where the exponent m = log(Hs/HI)/3; here the divisor 3

comes from evaluating log(50/.05).
Example Design Problems

A 24-in. plastic pipe with a sectional area of 0.3 in.”in. is to
be in service for at least 50 years in a well-graded silty sand

TABLE 5 CORRESPONDENCE OF INTERPOLATION
RATIO TO PERCENT COMPACTION

Interpolation Granular Mixed Cohesive

Ratio SM SC CL

r % % %
(Fair)

0.0 80 85 90
0.25 82 87 95
0.50 85 90 100
0.75 90 95 NA
1.00 95 100 NA

(Good)

SM = Silty Sand, Well Graded
SC = Silty Clayey Sand
CL = Clay (No Organic)

weighing 130 1b/ft> at 85 percent relative compaction. Deter-
mine the maximum allowable burial depth.

Referring to Table 5 for a SM-85 percent soil condition, it
is determined that r = 0.5. Using this value in Equation 4
along with Hf = 15.2 ft and Hg = 31.5 ft from the long-term
fill heights in Table 4, the temporary result is that HI = 23.4
ft. Readjusting this value for a density of 130 Ib/ft?, the final
answer is Hi* = 21.6 ft.

Now suppose the problem is to be reworked for a 2-year
design life, all else remains unchanged. The answer is given
by Equation 5, in which HI = 21.6 ft from above, and Hs is
determined in the same manner using short-term fill height
values to get Hs = 44.3 ft. Thus, the exponent m = 0.104,
and the final allowable fill height for a 2-year service life is
Ht = 30.2 ft.

CONCLUSION

The design results are applicable to all corrugated plastic pipe
whose material properties conform to AASHTO specifica-
tions (2), whose sectional areas are within limits of Table 2,
and whose corrugation height is at least Y14 of the diameter.
Within the stated restrictions, the allowable fill heights may
be used with conservative confidence.
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Field Performance of Corrugated Metal Box

Culverts

JoHN O. HURD AND SHAD SARGAND

Thirty-nine corrugated aluminum and 10 corrugated steel rib
stiffened box culverts were evaluated. In situ chord and chord-
ordinate dimensions were measured and compared to design
dimensions. In addition, durability information was obtained.
Eight of the box culverts had not been manufactured in con-
formance with the design shape. The most common deviation
was a larger crown width and shorter leg length. There was
a significant difference between the constructed crown shapes
of steel and aluminum box culverts. The steel box culverts
were in general crowned, whereas the aluminum box culverts
had mid-chord-ordinate dimensions less than the design dimen-
sion. The amount of crowning in the steel box culverts decreased
with increased crown widths. A potential crown corrosion
problem exists on metal box culverts caused by seepage of
groundwater containing road salt through bolted seams. The
problem is of greater concern on steel boxes because the plate
as well as the bolts have corroded. Finite element analyses of
the structure capacity of erected shapes different from the
design shape of the structures were performed. Slight variation
in the culvert geometry has a noticeable but not severe effect
on deflections and moments.

Large prefabricated culvert structures have within the past
decade become economic alternatives to conventional bridges
and cast-in-place box culverts for the replacement of deteri-
orating small bridges. These prefabricated structures in-
clude reinforced concrete arches, three-sided concrete box
structures, four-sided concrete box culverts, and corrugated
metal long-span structures and box culverts. This particular
study addresses the field performance of corrugated metal
box culverts.

At the time of this study the Ohio Department of Trans-
portation (ODOT) had installed 49 circumferential rib stiff-
ened corrugated metal box culverts. Twenty-cight structures
were installed by ODOT maintenance forces and 21 were
installed by contract. Thirty-nine of the structures were bulb
angle stiffened 9 X 2's-in. corrugated aluminum plate struc-
tures. Four were angle stiffened 6 X 2-in. corrugated steel
plate structures, and six were 6 X 3-in. corrugated plate stiff-
ened 6 X 2-in. corrugated steel plate structures. Schematic
diagrams of the circumferential structural cross sections of
each structure type are shown in Figures 1 and 2.

The structural design of these culverts is based on composite
action of the rib or plate section and a standard design shape
(1-3). The design shape of the various sizes are composed of
a standard crown radius with incremental crown angles, stan-
dard haunch radius and angle, and incremental leg lengths,

J. O. i[u;d, Ohio Department of Transportation, 25 S. Front Street,
Columbus, Ohio 43215. S. Sargand, Department of Civil Engineer-
ing, Ohio University, Athens, Ohio 45701.

as shown in Figure 3. Table 1 provides the design angles, radii,
and leg lengths for the sizes of structure studied. Plate thick
ness and rib spacing are designed to provide an adequate
section for a given loading condition. Thirty-two of the cul-
verts had full metal plate inverts, 14 had concrete footers,
and 3 had metal plate footer pads. No distinction is made
among the footers in the design of the structure.

The as-erected and as-built shapes of small and large flex-
ible culverts sometimes vary significantly from the theoretical
design shape (4-6). Large changes can significantly affect the
load-carrying capacity (6, 7). Most current research has been
done on carefully monitored structures where erection and
backfill procedures have been carefully controlled (8, 9). This
study was undertaken to determine how in situ structure shapes
for “real world” installations compared with design shapes
and what effect any deviation might have on structural per-
formance. Because of the nature of this study, precise infor-
mation on installation procedures was not available.

In addition to the structural aspects, the culverts were eval-
uated with respect to culvert durability. Because of recent
observations of crown corrosion in pipe arches and other
structural plate structures (6, I0) caused by groundwater
seepage containing road salt, the crowns of the structures were
observed to detect any sign of bolt or seam corrosion. The
inverts were also observed to detect corrosion-caused stream
flow.

DATA COLLECTION

Culvert structural details including size, plate thickness, rib
configurations and footer type were obtained from construc-
tion plans for contract installations and from district bridge
engineers for maintenance installations. The information was
field verified at each site and compared with the recom-
mended designs in manufacturers’ brochures. The height of
cover, which ranged from 1.25 to 5.7 ft above the crown of
the structure, was obtained in the same manner and field
verified.

All structures were backfilled with granular material meet-
ing the gradation requirements shown in Table 2. ODOT
requires the premium backfill envelope to extend horizontally
at least 30 in. on each side of the structure and vertically to
the roadway subbase. The material is to be placed in 8-in.
maximum depth loose lifts and compacted to 95 percent stan-
dard proctor density. Normally, contract installations are rea-
sonably well monitored by ODOT inspectors, but not as pre-
cisely controlled as research sites. Installations by ODOT
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FIGURE 1 Structural cross section of aluminum box culvert.

maintenance forces are normally not controlled to the extent
of contract installations.

Chord and chord-ordinate dimensions, as shown in Figure
4, were taken in the field at a representative location under
the pavement to obtain the in situ shape of the structure (11).
These were compared with chord and chord-ordinate dimen-
sions calculated from design angles and radii. The design chord
dimensions for those structures in Table 1 are given in Tables
3 and 4. In several cases the rise and span were not available
because the invert footings had been placed below the streambed
level. However, the span at the bottom of the haunch, A ft,
and crown-haunch rise, B ft, proved to adequately describe

a) ANGLE STIFFENED

b) CORRUGATED PLATE STIFFENED

FIGURE 2 Structural cross sections of steel box culverts.
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FIGURE 3 Schematic of metal box culvert shape.

the structure shape for comparison purposes. It should be
noted that these measurements are not precise because radius
breaks do not occur at bolted seams but are formed into a
section of plate that is made up of the entire haunch, part of
the crown, and part or all of the leg. The accuracy is reason-
able enough to provide a comparison with the design shape
of the structure. Design and measured crown and haunch
dimensions are shown in Table 5.

The single-asterisked dimensions appeared to have mea-
surement or recording errors. The double-asterisked mea-
surements are on culverts that were clearly not manufactured
to the design shape. In the case of the four aluminum culverts
and two steel culverts, the haunches had been rotated down-
ward producing a much larger crown and shorter leg. All four
aluminum structures were manufactured in the same year.
For these six structures, adjusted design crown chord-ordi-
nates were used in calculating the amount of deflection. Three
of the steel structures had smaller haunches than the design
shape. All other differences can be attributed to fabrication,
erection, and load-induced deflections and minor measure-
ment errors. Because of the very small mid-chord-ordinates
on smaller sizes, the greater range of the scatter on small
structures was more the result of measurement accuracy than
that for the larger structures where the measurement-induced
differences would be minimal. From observation of the initial
data, flattening of the mid-chord-ordinate appeared to be the
most common shape change. Those culverts with missing
measurement dimensions were not measurable because of
high water.

In addition to measuring structure dimensions, any loose
bolts, poor-fitting seams, poor rib or plate contact, severe
crimps in the plate, poor support of the invert, or other struc-
tural imperfections were noted. A summary of the imperfec-
tions worth noting is given Table 6. These imperfections did
not appear to have any effect on the shape of the structures
except for the serious foundation settlement of the 18 ft 8-in.
X 6 ft 8-in. aluminum box culvert. Some of the 22 percent
mid-chord-ordinate deflection in this structure may have been
caused by the severc foundation settlement.

Although the imperfections in general did not appear to
affect the structure shape, it should be noted that any poor
fit between plates and ribs or plates and plates would reduce
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TABLE 1 STRUCTURE DIMENSIONS FOR ODOT METAL

BOX CULVERTS

Size and Type Tht 9 o 0* 1

8'-9"x2"'-6"Alum 30.25 70 297.5 9.23 0.5n
9'-2"x3'-3"Alum 30.25 70 297.5 9.23 1.5n
9'-7"x4'-1"Alum 30.25 70 297.5 9.23 2.5n
10'-0"x4'-10"Alum 30.25 70 297.5 9.23 3.5n
10'-6"x5"-7"Alum 30.25 70 297.5 9.23 4.5n
10'-2"x2"'-8"Alum 30.25 70 297.5 12.92 0.5n
10'-7"x3'-5"Alum 30.25 70 297.5 12.92 1.5n
10'-11"x4 -3"Alum 30.25 70 297.5 12.92 2.5n
11'-4"x5'-0"Alum 30.25 70 297.5 12.92 3.5n
11'-9"x5'-9"Alum 30.25 70 297.5 12.92 4.5n
12'-1"x6 -7"Alum 30.25 70 297.5 12.92 5.5n
12'-11"x6'-0"Alum 30.25 70 297.5 16.61 4.5n
13'-3"x6'-9"Alum 30.25 70 297.5 16.61 5.5n
13'-7"x4"'-7"Alum 30.25 70 297.5 20.3 2.5n
13'-10"x5'-5"ATum 30.25 70 297.5 20.3 3.5n
14'-10"x4'-10"Alum 30.25 70 297.5 24.0 2.5n
15'-1"x5'-8"Alum 30.25 70 297.5 24.0 3.5n
15'-4"x6'-5"ATum 30.25 70 297.5 24.0 4.5n
15'-6"x7 -3"Alum 30.25 70 297.5 24.0 5.5n
16'-6"x6'-8"Alum 30.25 70 297.5 277 4.5n
16'-10"x8'-3"Alum 30.25 70 297.5 277 6.5n
17" 6"x6'-2""Alum 30.25 70 297.5 31.4 3.5n
18'8"x6'-5"ATum 30.25 70 297.5 35.1 3.5n
18'-7"x5'-4"Alum 37.38 57 258.75 36.0 2.5n
22'-1"x0'-3"Alum 37.38 57 258.75 44.5 6.5n
23'-4"x7'-8"Alum 37.38 57 258.75 53.0 3.5n
13 -3"x6'-0"Steel 30.25 70 297.5 16.61 5.5n
10 -1"x3'-4"Steel 38.25 70 297.5 9.24 1.0n
9'-9"x2'-7"Steel 38.25 70 297.5 9.24 0.0n
16 -9"6'-9"Stee) 38.25 70 297.5 25.9 4.0n
14'-5"x6"'-2"Steel 38.25 70 297.5 18.40 4.0n
20'-10"x7'-1"Steel 38.25 70 297.5 38.8 30.n
18 -4"x6'-4"Steel 36.0 69 293.0 16.22 3.0n
10'-7"x4'-2"Steel 36.0 69 293.0 10.03 2.0n
18'10 x5'-8"Steel 36.0 69 293.0 34.0 2.0n

Note: n=9.6"

TABLE 2  GRADATION REQUIREMENTS OF ODOT
METAL BOX CULVERT BACKFILL

Total Percent Passing

Sieve Grading A Grading B
2'% in. 100 100

1in. 70-100 70-100
No. 4 25-100 25-100
No. 40 5-50 10-50

No. 200 0-10 5-15

the amount of composite action until deflections become large
enough to provide plate-to-rib and plate-to-plate load transfer
via bolt contact.

The condition of the roadway over the culverts was observed.
Most cracks and settlement observed was not over the culvert

but outside the structure. This would indicate little permanent
structure deflection as a result of live loads after construction.

Because of the short time (7 year maximum) that the cul-
verts had been installed, only two structures showed any signs
of invert wear or corrosion. One 6-year-old aluminum culvert
downstream from a cheese factory had a very slight pitting at
the edge of the invert plate. The steel angle used to seat a 3-
year-old aluminum box on a concrete footing was very rusty.
However, neither the steel bolts nor the aluminum plates
showed any signs of corrosion.

The presence of any deposits caused by the seepage of
groundwater containing road salts through the bolted seams
was noted as well as any bolt or plate corrosion. Because
ODOT uses sodium chloride for snow and ice removal, a taste
test was used to detect the presence of this salt in deposits.
The number of each type (aluminum or steel) of culvert with



2

TRANSPORTATION RESEARCH RECORD 1191

FIGURE 4 Chord and chord-ordinate dimensions for metal box

culverts.

different degrees of seepage-induced corrosion are listed in
Table 7. The amount of deposits and corrosion were always
greatest beneath the edge of pavement, further verifying road
salt presence. It is obvious from observing the table that a
potential crown corrosion problem exists on the shallow struc-
tures. This is of particular concern on the steel structures
where the plate in the vicinity of seams as well as the bolts
shows signs of deterioration.

STATISTICAL ANALYSIS OF DATA

In situ measured-to-design chord-ordinate ratios were com-
pared with various structure dimensions, plate thickness, rib
configurations, metal type, age, height of cover, type of foot-
ing, and type of installation for all measured structures. The
only significant relation was that between mid-chord-ordinate
ratio and metal type. Steel box culverts had significantly larger
in situ to design mid-chord-ordinate ratios than the aluminum
box culverts. However, this only accounted for 32 percent of
the scatter in the data. Observation of Table 5 shows that 7
out of the 8 steel box culverts measured had in situ mid-chord-
ordinates larger than the design mid-chord-ordinates. On the
other hand, 29 of the 37 aluminum box culverts measured
had in situ mid-chord-ordinates less than the design mid-chord-
ordinate.

There was no significant relationship between chord-ordi-
nate ratio and type of installation for the entire range of box
sizes. However, it was noted that for boxes with top chord
lengths greater than 11 ft, the mid-chord-ordinate ratios for
contract installations were always greater than for ODOT
maintenance installations. This indicates that the larger struc-
tures were more susceptible to less controlled backfill pro-
cedures than smaller ones.

Because of the difference in performance between the alu-

TABLE 3 DESIGN HAUNCH CHORD AND CHORD-
ORDINATE DIMENSIONS FOR METAL BOX CULVERTS

7, in, 0° Fin. = G ft Nt = 0ft
30.25 70 2.89 0.46
37.38 57 297 0.38
38.25 70 3.66 0.58
36.00 69.37 3.41 0.53

minum and steel structures, the data set was divided into steel
and aluminum box culverts. There was a small significant
correlation between mid-chord-ordinate ratio and footing type
for the aluminum boxes. Boxes with concrete footings had
less deflection than those with full metal inverts or footer
plates. The average mid-chord-ordinate ratio for boxes with
concrete footings was 0.96, whereas that for boxes with full
inverts was 0.87. There was a strong correlation between mid-
chord-ordinate ratio and crown width for steel boxes. The
amount of crowning was less for larger structures.

Mid-chord-ordinate ratios for steel and aluminum box cul-
verts are shown plotted against top chord length in Figure 5.
As the statistical analyses showed, no pattern can be observed
for the aluminum box culverts. However, the amount of
crowning on steel box culverts is clearly reduced with increased
crown width. This reduction is represented by the regression
line plotted in Figure 5.

Except for the slight difference because of footing type for
aluminum box culverts, the scatter about the average mid-
chord-ordinate value for aluminum boxes and that about the
regression line for steel boxes is caused by manufacturing-
and erection-induced deflections and difference in backfill
procedures. The difference between the average mid-chord-
ordinate ratio of 0.89 for aluminum box culverts and 1.0, the

TABLE 4 DESIGN CROWN CHORD AND CHORD-
ORDINATE DIMENSIONS FOR METAL BOX CULVERTS

roin. 0° Cft Kft Dft=Eft Lft=Mft
297.50  9.23 399  0.08  2.00 0.020
297.50 1292 558 016 279 0.040
297.50  16.61  7.16 026  3.59 0.065
297.50 203 874 039 439 0.097
29750 240 103 054 5.8 0.136
297.50 277 119 072 5.98 0.18
297.50 314 134 092 677 0.23
29750 351 150 115 7.56 0.29
25875 360 133 106 675 0.27
25875 445 163 161 8.32 0.41
25875 53.0 192 226  9.88 0.57
297.50 184 7.93 032 3.98 0.08
29750 259 111 0.63  5.58 0.16
29750 388 165 141 835 0.35
293 936 398 0.08  2.00 0.020
293 31.80 134 093 675 0.23

293 33.80 142 105 7.8 0.27




TABLE 5 DESIGN AND MEASURED IN SITU CHORD AND CHORD-
ORDINATE DIMENSIONS FOR METAL BOX CULVERTS

c K F N (5 0
Type Des. Meas. Des. Meas Des Meas. Des. Meas. Des. Meas. Des. Meas.
A 4.0 4.0 0.08 0.07 2.9 2.9 0.46 0.45 2.9 2.85 0.46 0.45
A 4.0 3.9 0.08 0.06 2.9 2.8 0.46 0.40 2.9 2.8 0.46 0.43
A 4.0 3.8 0.08 0.06 2.9 2.9 0.46 0.45 2.9  3.15* 0.46 0.57*
A 4.0 4.1 0.08 0.06 2.9 2.8 0.46 0.44 2.9 2.95 0.46 0.44
A 4.0 3.9 0.08 0.095 2.9 2.9 0.46 0.48 2.9 3.0 0.46 0.49
A 4.0 4.2 0.08 0.06 2.9 2.9 0.46 0.44 2.9 2.8 0.46 0.44
A 4.0 4.0 0.08 0.05 2.9 2.8 0.46 0.45 2,9 2.8 0.46 0.43
A 4.0 4.0 0.08 0.06 2.9 2.9 0.46 0.44 2.9 2.8 0.46 0.42
A 4.0 4.0 0.08 0.09 2.9 2.85 0.46 0.45 2.9 2.9 0.46 0.45
A 4.0 4,55** 0,08 0.09 2.9 2.85 0.46 0.41 2.9 2.85 0.46 0.41
A 4.0 3.85 0.08 0.08 2.9 2.9 0.46 0.45 2.9 3.0 0.46 0.44
A 4.0 4,55** 0,08 0.08 2.9 3.0 0.46 0.46 2,9 3.0 0.46 0.46
A 4.0 3.95 0.08 0.08 2.9 2.9 0.46  0.45 2.9 2.8 0.46 0.45
A 4.0 4.0 0.08 0.07 2.9 2.9 0.46 0.45 2.9 2.85 0.46 0.45
A 5.6 5.5 0.16 0.14 2.9 2.8 0.46 0.41 2.9 2.9 0.46 0.44
A 5.6 5.45 0.16 0.15 2.9 2.8 0.46 0.41 2.9 2.85 0.46 0.47
A 5.6 5.45 0.16 0.15 2.9 2.8 0.46 0.46 2.9 2.8 0.46 0.42
A 5.6 0.16 2.9 0.46 2.9 0.46
A 5.6 5.6 0.16 0.14 2.9 2.8 0.46 0.44 2.9 2.8 0.46 0.45
A 5.6 5.45 0.16 0.15 2.9 2.8 0.46 0.43 2.9 2.9 0.46 0.44
A 5.6 5.8% 0.16 0.14 2.9 2.85 0.46 0.45 2.9 2.85 0.46 0.41
A 5.6 5.47 0.16 0.12 2.9 2.85 0.46 0.42 2.9 2,93 0.46 0.46
A 5.6 5.7 0.16 0.12 2.9 2.9 0.46 0.46 2.9 2.8 0.46 0.44
A T2 T.6%* 0.26 0.22 2.9 2.95 0.46 0.46 2.9 3.0 0.46 0.46
A 7.2 1.5 0.26 0.24 2.9 2.84 0.46 0.45 2.9 2.85 0.46 0.44
A 8.74 8.6 0.39 0.33 259 249 0.46 0.45 2.9 3.0 0.46 0.48
A 8.74 8.75 0.3% 0.34 2.9 2.9 0.46 0.45 2.9 2.95 0.46 0.48
A 10.3 10.2 0.54 0.50 2.9 2.8 0.46 0.45 2.9 2.9 0.46 0.45
A 10.3 10.4 0.54 0.55 2.9 2.9 0.46 0.45 2.9 2.8 0.46 0.42
A 10.3 10.3 0.54 0.45 2.9 2.9 0.46 0.45 2.9 2.9 0.46 0.46
A 10.3 10.3 0.54 0.59 2.9 2.8 0.46 0.44 2.9 2.9 0.46 0.43
A 10.3 10.3 0.54 0.48 2.8 2.35 0.46 0.43 2.9 2.9 0.46 0.45
A 11.9 12.1 0.72 0.65 2.9 2.75 0.46 0.42 2.9 12,35 0.46 0.46
A 11.9 11.95 0.72 0.63 2.9 2.8 0.46 0.42 2.9 2.9 0.46 0.45
A 13.4 13.5 0.92 0.86 2.9 2.85 0.46 0.46 2.9 2.85 0.46 0.46
A 15.0 15.2 1.15 0.90 2.0 2.8 0.46 0.42 2.9 2.85 0.46 0.48
A 13.3 1.06 2.97 0.38 2.97 0.38
A 16.3 16.6 1.61 1.35 2.97 2.85 0.38 0.35 2,97 2.85 0.38 0.35
A 19.2  19.2 2.36 2.33 2.97 3.0 0.38 0.39 2.97 3.20 0.38 0.41
5 7s2 7.3 0.26 0.31 2.9 2.8 0.46 0.44 2.9 2.8 0.46 0.44
S 4.0 0.08 3.66 0.58 3.66 0.58
S 4.0 4.6%* 0.08 0.14 3.66 3.5 0.58 0.58 3.66 3.6 0.58 0.62
S 4.0 3.9 0.08 0.10 3.41 3.3 0.53 0.48 3.41 3.4 0.53 0.54
s 9.93 B.3** 0.32 0.39 3.66 3.25%% 0.58 0.41** 3.66 7.3** 0,58 0.41%*
5 11.1  11.4 0.63 0.65 3.66 3.2* 0.58 0.44** 3,66 3.3** 0,58 0,48%*
S 13.4 13.3 0.93 0.87 3.41 3.6 0.53 0.67 3.41 3.6 0.53 0.64
S 1.2 14.2 1.05 1.10 3.41 2.8** 0.53 0.38% 3.41 2.8*% 0.53 0.38%*
S 14.2 1.05 3.41 0.53 3.41 0.53
S 16.47 16.4 1.41 1.47 3.66 3.63 0.58 0.62 3.66 3.64 0.68 0.59

*Appeared to have measurement or recording errors.
**0n culverts not manufactured to design shape.
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TABLE 6 SUMMARY OF STRUCTURAL IMPERFECTIONS

Type ot Imperfection

Culvert Size and Type

Reinforcing rib wavy or
twisted.

Seams not drawn together
flush.

Bolts drawn through
corrugated plate or rib.

Differentiai settiement of
full invert.

18 ft 4 in.

14 ft 5 in.
10 ft 7 in.
18 ft 7 in.

X 6 ft 4 in. steel

X 6 ft 2 in. steel
X 4 ft 2 in. steel
X 5 ft 4 in. aluminum

16 ft 10 in. X 8 ft 3 in. aluminum
10 ft 4 in. X 4 ft 10 in. aluminum

10 ft 1 in. X 3 ft 4 in. steel

23 ft 4 in. X 7 ft 8 in. aluminum
16 ft 10 in. X 8 ft 3 in. aluminum
9 ft 7in. X 4 ft 1 in. aluminum

18 ft 8 in. x 6 ft 5 in. aluminum
11 ft 4 in. X 5 ft 0 in. aluminum
9 ft2in. X 3 ft 3 in. aluminum

TRANSPORTATION RESEARCH RECORD 1191

No support in middle of full

invert. 16 ft 6 in. x 6 ft 8 in. aluminum
10 ft 2 in. X 2 ft 8 in. aluminum
10 ft 6 in. x 5 ft 7 in. aluminum
9ft7in. X 4 ft1in. aluminum
9 ft 2 in. X 3 ft 3 in. aluminum
Plate crimped at radius

break. 9ft7in. X 4ft1in. aluminum

equivalent of design shape or zero percent deflection, is rep-
resentative of a consistent reaction for backfill-induced deflec-
tion. The difference between the mid-chord-ordinate regres-
sion line for steel boxes and 1.0 is representative of decreased
crowning from backfill as structure size increases.

Other structural observations and road conditions were
compared with the same group of variables as the chord-
ordinate ratios. No significant relationships existed.

The presence of salt deposits and seepage-induced corro-
sion was also compared with the same independent variables.
As would be expected from observation of Table 6, there was
a significant difference between the performance of the steel
and aluminum box culverts. The steel box culverts had a more
serious corrosion problem. The corrosion was significantly
worse as culvert age increased. Surprisingly, increased cover
over the culvert did not have any significant effect in reducing
corrosion problems.

TABLE 7 SUMMARY OF GROUNDWATER SEEPAGE
AND CROWN CORROSION ON METAL BOX CULVERTS

Condition Culverts
Aluminum Steel
No. Percent No. Percent
No salt seepage 1 28 il 10
Slight salt
seepage 14 36 2 20
Significant salt
seepage 2 5 1 10
Slight bolt
corrosion 10 26 4 40
Significant bolt
corrosion 2 5 0 0
Bolt and plate
corrosion 0 0 2 20
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FIGURE 5 Measured-design mid-chord-ordinate ratios.

FINITE ELEMENT ANALYSIS OF STRUCTURE SHAPE

Because field data indicated that the actual erected culvert
shapes were different from the design shapes, finite element
analysis of the structural performance of in situ shapes and
design shapes of the circled structures in Figure 5 and a 15-
ft 9-in. X 5-ft 0-in. steel structure was performed using CANDE
(12) with assumed constant soils and backfill properties.

A granular pipe backfill material was selected from the
CANDE library that was representative of ODOT standard
backfill. Backfill dimensions were assumed to be the minimum
required. An HS-20 live load was imposed on the installed
structure with dimensions shown in Figure 6 and Table 8.

The variation in culvert geometry has a noticeable but not
severe effect on deflection and moment for constant loads
and backfill properties. The variation in moment and deflec-
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FIGURE 6 Design dimensions used in generating pipe nodes
and elements.
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TABLE 8 PERCENT CHANGE IN CANDE SOLUTION
RESULTING FROM CHANGE IN GEOMETRY

Type Percent Change
Crown Crown Haunch
Moment  Deflection  Moment
23 ft 4 in. x 7 ft 8 in.
aluminum¢ —10.48 -6.50 —6.46
18 ft 8 in. x 6 ft 5 in.
aluminum” 26.29 26.61 15.25
18 ft 4 in. X 6 ft 4 in. steel” 5.09 7.69 1.04
20 ft 10 in. X 7 ft 1 in. steel* —3.74 =313 -0.26
15 ft 9 in. X 5 {t 0 in. steel® 17.9 7.8 12.24
b -9.7 —4.6 —-9.00

“ Measured versus design.
» Assumed =20 percent deflected versus design.

tion as predicted by CANDE for the design versus in situ
shapes of the structures analyzed is shown in Table 8.

CONCLUSIONS
The following conclusions were reached:

1. Not all metal box culverts had manufactured shapes
matching the design shapes provided by manufacturers in bro-
chures or design drawings.

2. A potential crown corrosion problem exists on metal
box culverts caused by seepage of groundwater containing
road salt through the bolted seams. This is of greater concern
on steel boxes where the plate along the seam as well as the
bolts.corrode. Increased cover height from 1.25 to 5.7 ft did
not reduce the severity of seepage or corrosion, or both.

3. There was a significant difference between the con-
structed crown shapes of steel and aluminum box culverts.
Steel box culverts were in general crowned, having in situ
mid-chord-ordinates larger than the design dimension, whereas
aluminum box culverts in general had in situ mid-chord-ordi-
nates smaller than the design dimension.

4. The amount of crowning on the steel box culverts was
significantly reduced as crown width increased.

5. There was significantly less deflection (approximately 10
percent) of the mid-chord-ordinates in aluminum box culverts
with concrete footings than in aluminum box culverts with
full metal inverts or metal footing pads.

6. There is a large scatter about the average mid-chord-
ordinate ratio line for aluminum box culverts and about the
mid-chord-ordinate ratio regression line for steel box culverts.
The scatter is probably caused by a combination of manufac-
turing, erection, and variable backfill-induced deflections.

7. Changes in structure shape produce noticeable but not
severe differences in deflection and bending moments caused
by backfill and live loadings.

RECOMMENDATIONS

1. Better-quality control should be instituted to assure that
manufactured shapes are the same as design shapes.
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2. The outside of corrugated steel box culverts should be
coated to prevent seepage of groundwater through the bolted
seams.

3. Consideration should be given to coating the outside of
aluminum box culverts to prevent seepage of groundwater
through bolted seams.

4. Consideration should be given to the variation in the as-
erected shape in the design of corrugated metal box culverts.
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An Analysis of Visual Field Inspection Data
of 900 Pipe-Arch Structures

GERALD H. DEGLER, DAviD C. COwHERD, AND JoHN O. HURD

Approximately 50 percent of the structural plate corrugated
metal pipe structures under the jurisidiction of the Ohio
Department of Transportation are of the pipe-arch configu-
ration. Because these structures have experienced numerous
problems, the Ohio Department of Transportation established
a research project to identify and determine the causes of these
problems. The initial phase of this project involved a field
inspection of 890 pipe-arch structures. The inspection was con-
ducted by each of the 12 Ohio Department of Transportation
district offices. The inspection consisted of a visual examination
plus limited dimensional measurements. Specific areas that
received a rating included (a) the amount of structure distor-
tion, (b) the occurrence and severity of multiplate and bolt
erosion and seepage, (c) the occurrence and extent of cracking
of the multiplates, (d) the condition of the pavement over the
structure, and (e) the condition of the channel bottom. A sta-
tistical analysis of the field data was performed to determine
the dominant modes of structure failure and interrelationships
between the structural failures and such variables as age, depth
of cover, gauge of the multiplate, and geographic location.
Attempts were also made to determine whether one failure
mode influenced another (e.g., distortion of the structure caus-
ing cracking, or vice versa). Results of the statistical analysis
show that the dominant modes of failure or deterioration are
(a) fairly heavy corrosion of the multiplates and fasteners (27
percent), (b) significant distortion or flatness of the structure’s
crown (12 percent), and (c) cracking of the multiplate at the
corner radius bolt line (3 percent). Interrelationships were
demonstrated with correlation coefficients of 0.9 or greater for
(a) age versus durability, (b) durability versus geographic loca-
tion, and (c) shape problems contributing to cracking prob-
lems, and so on.

The Ohio Department of Transportation (ODOT) requires
that all bridges with spans of 10 ft or more be inspected
annually in accordance with the Federal Bridge Inspection
Program. Because corrugated metal pipes (CMP) are com-
monly used as drainage structures under Ohio roads, these
structures must be inspected annually under this program if
their spans are in excess of 10 ft.

CMP come in a variety of shapes including circular, ellip-
tical, pear, and arched. The most popular and widely used
structural plat CMP shape is the pipe arch (see Figure 1). It
should be noted that these structures are flexible and that the
soil backfill surrounding the structure is an integral part of
this structure. If the backfill is soft and compressible, the sides

G. H. Degler and D. C. Cowherd, Bowser-Morner Associates, Inc.,
420 Davis Avenue, P.O. Box 51, Dayton, Ohio 45401. J. O. Hurd,
Ohio Department of Transportation, 25 South Front Street, P.O.
Box 899, Columbus, Ohio 43216.

of the pipes move out and the top of the pipe becomes flat.
When the top radius of the pipe reaches a critical value, the
pipe collapses.

In order to establish a general overview of the condition of
CMP in Ohio, ODOT requested each of their district offices
to conduct field inspections of all pipe-arch corrugated metal
structures. The pipe-arch shape was selected because this type
of structure has been demonstrated to have more structural
problems than any other CMP configuration. It also repre-
sents approximately 50 percent of Ohio’s CMP population.

During February and March 1987, the 12 districts of ODOT
conducted visual and limited dimensional inspections of 962
corrugated metal pipe-arch structures. A copy of the field
inspection report used during this evaluation is shown on
Table 1. These inspections required measurement of the rise
and span at two different locations (preferably at locations
where obvious structure deformation had occurred), noting
the pavement type and condition immediately above the struc-
ture (whether settling had occurred), the type of channel bot-
tom and its condition, and quantifying on a scale from 0 to 9
such factors as structure shape, corrosion of the metal pipe,
corrosion of the seams and bolts within the structure, and the
presence of cracking along the bolt joints. A rating of 9 was
given when the factor under consideration was in perfect con-
dition. On review of this field data, it was observed that, of
the 962 structures investigated, 890 structures were fully eval-
uated, partial data were available on 31 structures, and no
data were available for 41 structures. The reasons that data
were unavailable for the 41 structures included

1. Inability to locate the structure;

2. The structure was too full of water, or silt, or both, to
permit inspection; and

3. The structure was removed some time in the past.

The remaining 890 field inspection reports were then sub-
jected to a statistical analysis in an attempt to identify poten-
tial interrelationships between structure failures and such fac-
tors as structure age, size, depth of cover, gauge, and so on.
The purpose of this paper is, therefore, to present the results
of the analysis of the 890 pipe-arch structures located within
the state of Ohio. A distribution of the pipe-arch structures
by district is presented in Figure 2.

DESCRIPTION OF PIPE-ARCH STRUCTURES

The multiplate pipe-arch structures are made of steel sections
with corrugations 6 in. wide by 2 in. deep running at right
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FIGURE 1 Structural plate steel pipe arch.

angles to the length of the section. Sections vary in thickness
from approximately 0.280 in. for No. 1 gauge to 0.109 in. for
No. 12 gauge. A typical cross section of the pipe-arch struc-
ture would be eight separate sections in 10- to 12-ft lengths
bolted together with %-in. diam bolts. All of the structures
installed in Ohio have an 18-in. corner radius with 6 by 2-in.
corrugations. Typically, the crown of the structure is con-
structed of a lighter gauge material than the bottom or invert.
A commonly used configuration is a 10-gauge thickness for
the crown and an 8-gauge thickness for the bottom. A tab-
ulation of the number of structures as a function of the top

TABLE 1 BRIDGE INSPECTION REPORT
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DISTRICT

FIGURE 2 Number of pipe-arch structures by
district.

gauge thickness is presented in a frequency histogram in Fig-
ure 3. A review of this data reveals that the majority of the
structures have a crown gauge thickness of between 7 and 10.
The structures ranged in size from a span and rise of 6 ft 1
in. by 4 ft 7 in. to 16 ft 7 in. by 10 ft 1 in.

The structures were installed from 1933 through 1986. The
frequency of distribution of the various gauge installations is
presented in Figure 4. As can be seen from reviewing this
information, the majority of the pipe-arch structures in Ohio

District
A. BACKGROUND INFORMATION
1. Structure no.
2. Structure file no.
4. Year installed
6. Depth of cover (ft)

3. Structure location
5. Corrugation
— 7. Metal gauge:

Top —Bottom:
8. Design rise X span (ft) — 9. Plate configuration
10. Original foundation/backfill information available:

Yes __No

B. MEASUREMENT
la. Measured rise X span (ft) —Location
1b. Measured rise X span (ft) —Location
2. Pavement type and condition

3. Channel bottom type and condition

4. Structure Shape Rating  Condition
a. Symmetrical throughout ........ 9
b. Slight nonsymmetrical sections,
MUNOT SAY wisivsics s 50 bissmmaisisia 7-8
c. Significant distortion and flatness
(one section) .............o... 6
d. Significant distortion and flatness
(throughout) ... :::uvemmvsvasss 4-5

e. Extreme distortion (one section)

f. Extreme distortion (throughout)

g. Partial collapse; reverse
CULVALULE sy & = + maimivio e ainiss 0
h. Other observations

5. Metal Plate

a. No defects or corrosion ........ 9
b. Minor defects and superficial
COTTOSION .\ ovevieennnannns “7-8

c. Fairly heavy corrosion, light
PALENE . .« « woencmonccns v v 0 v wostorsios STHERS 6

d. Fairly heavy corrosion, moderate
o] 11011]:2 VRS e 4-5

e. Severe local corrosion and pitting
£ Severe corrosion (throughout) .. 2-1

g. Widespread corrosion and pitting
h. Other observations —
6. Metal Scams/Bolts
a.
b

No defects or corrosion ........ 9

Slight water seepage and

superficial corrosion ........... 7-8
c. Water seepage with fairly heavy

[0€al \COTFOSION: wosw & 5 s 3 « wswsmia g 4 & 5-6
d. Water seepage with fairly heavy

local corrosion throughout .. .... 34
e. Water seepage with severe local

COITOSION . ...\'vvvviinnnnne.. 0-2

7. Seams—Cracking

a, Properly assembled ............ 9
b. Minor metal cracking and/or

seam Openings ................ 7-8
¢.  Major cracking (one location)

and infiltration ................ 6
d. Major seam cracking throughout

and infiltration .. ..,z vveemass 4-5
e. Severe cracking (>3 in.)

throughout .« vuwecssosemmmeras 3

f. Severe cracks continuous from

bolt hole to bolt hole with

significant infiltration .......... 2-1
g. Major cracks continuing from

bolt hole to bolt hole with

backfill pushing into structure ... 0
h. Other observations (percent of length experiencing
cracks)

C. INSPECTOR
1. Name Date
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FIGURE 3 Distribution of number of structures by
top gauge thickness.

were installed during the years 1951 through 1965. The aver-
age age of the structures is 25 yr. A total of 365 structures or
41 percent of the total structures installed are 30-yr old and
older. This information becomes significant when observing
the durability of the structures as a function of age (presented
later in this paper).

The depth of cover over the pipe-arch structures ranged
between 1 and 25 ft. The distribution of the number of struc-
tures at the various depths of cover is illustrated in Figure 5.
A review of these data shows that 46 percent of all the struc-
tures have a cover of 4 ft or less and 70 percent of the struc-
tures have a cover of 6 ft or less. The significance of these
data relates to the effect of live and dead load on the structure
as a function of the depth of cover (see Table 2).

Because durability of the pipe-arch structures could be a
function of the geographic location within the state, the num-
ber of structures located at each ODOT district was tabulated.
This tabulation will provide a basis for attempting to show a
correlation between structure durability and those areas of

40-45 51-65 61-85 71-75 81-88

YEAR OF CONSTRUCTION

FIGURE 4 Number of structures installed by year of
installation.
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NUMBER OF STRUCTURES
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FIGURE 5 Number of structures installed at
various cover depths.

the state with high abrasive stream loads or acid mine drain-
age, or both.

ANALYSIS OF FIELD DATA
Areas of Analysis

All of the field data shown on the bridge inspection report
were entered into a computer program to permit a statistical
evaluation of all parameters for determining any potential
interrelationships. More specifically, this evaluation sought
to determine the answers to the following questions:

1. Does the durability of the structure (susceptibility to
corrosion and abrasion) have any relationship to its age?

2. Does the durability of the structure have any relation-
ship to its geographic location (i.e., pH and abrasion effects)?

3. Does the durability of the structure have any relation-
ship to such problems as distortion or cracking of the struc-
ture, or both?

4. Does the gauge of the multiplate sections have any
relationship to the structure’s distortion or cracking problems,
or both?

5. Does the depth of cover over the structure have any
relationship to the structure’s distortion or cracking problems,
or both?

TABLE 2 RELATIONSHIP OF DEPTH OF COVER TO
STRUCTURE LOADING

Depth of “Live Load *Dead Load “Design Load
Cover (ft) (Ib/ft2) (Ib/ft?) (Ib/ft?)

1 1,800 120 1,651

2 800 240 894

3 600 360 826

4 400 480 757

5 250 600 731

6 200 720 791

7 175 840 873

8 100 960 912

¢ Highway H20 loading.
b Weight of soil = 120 Ib/ft>.
¢ Assumes an 85 percent compaction of the backfill.
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FIGURE 6 Number of inspectors and pipe structures by
district.

6. Does distortion of the structure’s shape have any rela-
tionship to the occurrence of the cracking problem?

7. What are the dominant modes of failures and the causes
of these failures?

8. What is the frequency of distribution of the number of
structures and their rating (by total and by category)?

9. What is the geographic location of those structures
receiving perfect or poor scores, or both (by total and by
category)?

10. Is there any noticeable difference in the subjective rat-
ings established by the inspectors in each of the 12 ODOT
districts?

Subjectiveness of the Field Inspector’s Evaluation

Presented in Figure 6A4 are the number of inspectors in each
ODOT district and in Figure 6B the number of pipe arches
inspected in each district. Because there were 18 different
inspectors involved in the evaluation of the pipe-arch struc-
tures, it was necessary to conduct a comparison of the rating
scores between each of the inspectors to determine whether
any of the inspectors’ scores needed to be normalized to account
for differences in establishing the rating of 0 to 9 for each of
the four categories evaluated. Because a maximum of 9 could
be given for each of the four categories, a perfect score would
be 36. A listing of the individual inspectors, the number of
structures, and the average score given by that inspector is
presented in Table 3. The weighted average for scores given
by all of the inspectors was 30.3. The standard deviation was
2.54. A close review of the scoring by the various inspectors
shows that the majority of the readings were comparable,
with the exception of inspectors M, O, and P, all of District
10. Because this district is known for its high abrasive stream
loads with low pH values, the low scores could possibily be
attributed to structure durability problems. However, because
inspector N in District 10 posted high scores, any attempt to
offer a conclusive explanation of the District 10 score varia-
tions would be inappropriate without cross checking inspec-
tors. Because all other district scores compared favorably, it
was decided to proceed with the statistical evaluations using
the field data exactly as presented in the field inspector reports.
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TABLE 3 AVERAGE STRUCTURE SCORE BY EACH
INSPECTOR
Inspector District No. No. Inspected Score
A 1 59 29.5
B 2 50 30.2
c 3 83 31.5
D 4 42 32.5
E S 28 319
E 5 16 30.8
G 6 10 30.3
H 6 61 29.9
I 7 58 30.1
J 7 3 34.7
K 8 154 30.0
L 9 119 29.9
M 10 64 26.1
N 10 92 322
(0] 10 3 23.3
P 10 7 25.6
Q 11 25 30.8
R 12 2 30.0
Unknown 13 31.0
Total 890 30.3

Weighted average = 30.3

“ Included with District 3 during the evaluation.

Statistical Evaluation
Method of Approach

A statistical evaluation was conducted to determine whether
an interrelationship existed between such problem areas as
(a) distortion or sag of the structure, (b) cracking of the mul-
tiplates, (c) corrosion of the multiplates, and (d) corrosion of
the seams and bolts and such independent variables as age,
depth of cover, gauge of the multiplate, and geographic loca-
tion. This analysis also attempted to determine the influence
that one problem category might have on another (e.g., dis-
tortion of the crown on cracking of the multiplate structure).
The evaluation also addressed the frequency of occurrence of
various modes of failure or deterioration. For purposes of
simplifying the presentation of the data, the following abbre-
viated definitions have been established:

Problem Categories

1. Shape: Refers to a rating of 0 to 9 based on the amount
of distortion or sag in the structure.

2. Seams: Refers to a rating of 0 to 9 based on the amount
of cracking of the multiplate within the structure.

3. Plate: Refers to a rating of 0 to 9 based on the severity
of corrosion occurring on the multiplate.

4. Metal: Refers to a rating of 0 to 9 based on the amount
of corrosion and seepage occurring on the bolt and seam
joints.

Independent Variables

1. Age: Years since installed.
2. Cover: The amount of cover (in ft) over the structure.
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3. Top gauge: The thickness of the multiplate structure
(crown).
4. Geographic location: Categorized by ODOT district.

The ratings for the four problem categories were averaged
according to year and ODOT district. These average values
were then grouped in 5-yr increments beginning in 1940 and
average values were established for each subsequent 5-yr
grouping. This resulted in 9 data points (the years 1933 to
1939 were eliminated because only 2 data points were accu-
mulated during this time period). These data were then pro-
cessed using the least-square method of regression for the
following relationships:

1. Age as a function of shape, plate, metal, seams, plate
and metal (durability) and total score.

2. Depth of cover as a function of shape, plate, metal,
seams, and total score.

3. Gauge of pipe-arch crown as a function of shape, plate,
metal, seams, and total score.

TRANSPORTATION RESEARCH RECORD 1191

Attempts were made to fit the data to three different types
of regression curves: for example, linear, exponential, and
power. Coefficients of determination (r?) were established for
each of these regression curves.

Results of Analysis

1. Age versus shape, plate, metal, seams, durability, and
total score.

The results of attempting to fit the various types of regression
curves to the data are shown in Table 4. The quality of fit
was found to be greater than 0.9. As might be expected, the
age of the structure showed good correlation with those var-
iables that directly relate to structure durability factors (e.g.,
corrosion or seepage, or both); of plate and metal seams and
bolts, the combination of these two scores, and the total score
for each of the four variables evaluated. Distortion of the
structure and the occurrence of cracking along the seams had

TABLE 4 RESULTS OF REGRESSION CURVE ANALYSIS

VARIABLE VARIABLE TYPE OF COEFFICIENT OF

X y REGRESSION EQUATION DETERMINATION
Age Shape linear - 0.75
exponential - 0.74
power - 0.56
Age Plate linear B 0.89
exponential ¥=9.0-0.45 ¢0.05x 0,91
power - 0.89
Age Metal Tinear - 0.87
exponential - 0.89
pawer ¥=9.0-0.06x1.04 0.95
Age Seams linear - 0.69
exponential - 0.44
power - 0.71
Age Plate & linear y=18.0-0.19x 0.89
Metal exponential y=18.0-0.75¢0.06x 0,93
{Durability) power y=18.0-0.20x0.92 0.94
Age Total linear ¥=35.3-0.21x 0.94
Score exponential y=36.0-1.85¢0.04x 0.95
power ¥=36.0-0.74x0.65 0.91
Cover Shape linear - 0.29
Cover Plate linear - 0.19
Cover Metal Tinear - 0.05
Cover Seams 1inear - 0.34
Cover Total 1inear - 0.77

Score

Top Gage Shape linear - 0.13
Top Gage Plate linear - 0.06
Top Gage Metal Vinear - 0.74
exponential - 0.75
power B 0.5
Top Gage Seams linear y=8.25+0.25x 0.93
Top Gage Total linear - 0.67

Score
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no correlation with the age of the structure. The relationship
between age and plate, as well as between age and total score,
were best described by an exponential curve fitting. A linear
relationship for total score and age gives about the same good
result as an exponential curve. A power curve provides the
best method for describing the relationship between age and
the occurrence of corrosion and seepage along the seams and
fasteners.

Because the ratings for plate and metal represent the dura-
bility of the pipe-arch structure, these two categories were
combined in an attempt to improve on the coefficient of deter-
mination. However, this combination produced a coefficient
that was slightly lower than the age versus metal power rela-
tion (0.95 to 0.94).

Illustrated in Figures 7, 8, and 9 are the relationships of
age to metal, plate, and total composite score. It should be
noted that although an exponential curve fit was used to describe
the relationships in Figures 8 and 9, a linear curve could also
have been used because the coefficient of determination for
a linear relationship was only slightly lower. It is interesting
to note that the decrease in the total composite score with
age (see Figure 9) indicates that a newly installed structure
has, on the average, a score of 34 (a decrease of 2). This
could possibly be explained by the experience of some struc-
tures with shape problems during installation.

The overall deterioration (total composite score of the 890
structures) as a function of time is shown in Figure 10. This
curve generally describes a linear deterioration of the struc-
ture with approximately a 30 percent reduction in the total
composite score over a 50-yr period.

2. Depth of cover versus shape, plate, metal, seams and
total score.

Because much of the corrosion of corrugated metal structures
can be attributed to salt water seepage into the structure that
has originated from the road surface, it was hypothesized that
those structures with very little depth of cover would show
more extensive corrosion and seepage problems than those
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FIGURE 7 Decrease in metal score with age of structure.
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FIGURE 8 Decrease in plate score with age of structure.

structures with a considerable amount of coverage. Further,
because the corrugated metal pipe structures are more sus-
ceptible to live loads with shallow cover and dead loads with
excessive amounts of cover, it was thought that there might
be a relationship of depth of cover to shape or distortion
problems. However, as can be seen from Table 4, no corre-
lation was established with any of the test variables.

3. Top gauge versus shape, plate, metal, seams and total
score.

Typically, the multiplate pipe-arch structures are constructed
with a 10-gauge material for the crown and an 8-gauge mate-
rial for the bottom invert. The bottom invert is typically 1 to
2 gauge numbers heavier than the crown. Because data on
the bottom gauge numbers were missing for many of the
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FIGURE 9 Decrease in total composite score with structure
age.
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FIGURE 10 Average composite score of structures based on
year of installation.

A. SHAPE DISTORTION

RANGE=7.0-8.6

AVERAGE=7.47
+3%=7.69
-3%=7.25
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structures, it was decided to perform this analysis using the
top gauge numbers. It was hypothesized that some relation-
ship could exist between gauge thickness and structure dura-
bility or seam cracking, or both. Because movement or dis-
tortion of the structure is totally dependent on the type of
backfill and its compaction, no relationship was anticipated
between the gauge number and shape score. Results of the
regression curve fitting for each of the test variables indicated
that the only relationship that existed was between the top
gauge and seams or cracking, or both. However, further anal-
ysis of this relationship revealed that the significance of this
correlation is questionable because the seam rating score
decreases only 0.25 when the top gauge increases by 10.

4. Geographic effects.

Because the eastern and southeastern sections of Ohio typi-
cally have streams with low pH values (5.1 to 7.1) and high

B. PLATE CORROSION

RANGE =6.1-7.8
AVERAGE= 6.86
+3% =7.07
-3%=6.65

D.SEAM CRACKING

RANGE = 7.0-7.9
AVERAGE = 7.35

RANGE =8.1-9.0
AVERAGE = 8.46

+3% =757 13%=8.71
-3%=7.13 -3%=8.21
LEGEND
MORE THAN +3%
NS AVERAGE* 3%
[C—] Less THAN -3%

(1) — DISTRCT NO.1

7.2 -~ AVERAGE SCORE FOR DISTRICT NO.1,
'SHAPE DISTORTION’

FIGURE 11 Geographic influence of pipe-arch problem area.
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B.TOTAL SCORE_

RANGE=29.4-32.4
AVERAGE = 30,15
+3%=31.05
-3%=29.25

RANGE=13.5-15.7
AVERAGE= 14.22
+3%=14.64
-3%=13.79

LEGEND
MORE THAN +3%
NN AVERAGE* 3%

[ LEss THAN -3%

FIGURE 12 Geographic effects on structure durability and
total composite score.

abrasive bed loads, an attempt was made to establish a cor-
relation of shape, seam, plate, and metal (seam or bolt) cor-
rosion with the geographic areas of the state. Presented in
Figures 114, 11B, 11C, and 11D are the average scores (by
district) for each of the four categories evaluated. These scores
represent an average of the scores for all structures within a
district. Note that the dotted areas of the state represent
districts where the scores were greater than 3 percent of the
state average. Conversely, areas with no shading represent
districts where the scores were less than 3 percent of the state
average. Areas with shading represent districts that had scores
within + 3 percent of the state average. A score of 9 represents
no deterioration.

An evaluation of this data indicates that pipe arches in the
northeastern area of the state are in better shape than those
in the south or southeast. The low plate corrosion scores in
southeastern Ohio were expected in view of the low pH values
of the streams in this area. A low seam or bolt corrosion score
also occurred in District 10. Because both the plate and metal
seam or bolt scores provide a measure of the effects of cor-
rosion and seepage on the structure, these two scores were
combined (see Figure 12A4). As expected, the southeastern
portion of the state had the lowest durability scores whereas
the northeastern area had the highest scores.

TABLE 5 COEFFICIENT OF DETERMINATION FOR
DURABILITY VERSUS AGE REGRESSION CURVES

Regression

Curve 9 and 10 1,2,6,7,8 3, 4.5, 11, 12
Linear 0.85 0.90- 0.89
Exponential 0.78 0.85 0.86

Power 0.52 0.65 0.65

@ Durability score = 18.54 — 0.19 age (see Figure 7).
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Seam cracking does not appear to be a problem in the south
whereas the northeastern and northwestern portion of the
state have a significant occurrence of seam cracking. The
offsetting effects of the corrosion problems in southeastern
Ohio and the seam cracking problem in the northern portion
of the state resulted in a more uniform total score for the
state, as evidenced by a majority of the scores falling within
the range of +3 percent of the average score (see Figure
12B). This canceling effect suggests that better regressions
may be obtained between various parameters if data were
separately processed in groups of two or three districts. This
grouping and regression analysis was done for durability (plate
and metal) versus age, with the results shown in Table 5 and
in Figure 13.

Comparing the coefficients of determination shown in Table
5 with the data in Table 4 fails to demonstrate any improve-
ment by this grouping of data. It can, therefore, be concluded
that it is more appropriate to conduct the analyses on a state-
wide basis than by separate groupings of districts. Neverthe-
less, separate regressions for small groups of districts show
different regression curves. For example, in Figure 13 it can
be seen that the decrease in the durability scores is slower in
Districts 3, 4, 5, 11, and 12 than in all the other districts.

It is also shown in Figure 13 that a two-slope line (similar
to an exponential curve) would better describe the durability
relationship to age than does a straight line. The slope of
the curves corresponding to the decrease of durability with
time experiences a significant increase after the age of about
35 yr.

5. Frequency of occurrence evaluation.

Various computer sorts of the field inspection data for the
890 structures were performed in an attempt to reveal major
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FIGURE 13 Decrease in durability score with increasing age
of structure.
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TABLE 6 STRUCTURE SCORE VERSUS FREQUENCY OF
OCCURRENCE

Metal
Score Seams/Bolts Plate Seams Shape
0 8 1 0 2
1 2 4 0 1
2 4 u 0 6
3 7 48 2 7
4 6 41 2 17
5 74 49 5 21
6 47 82 11 50
7 276 314 144 343
8 256 181 101 217
9 191 140 596 208
No data 19 19 29 18
Total 890 890 890 890

problem areas and the causes of problems. Presented in Table
6 are a frequency of occurrence for the structure score for
metal durability (seams or bolts and plate), seams (cracking),
and shape. The number of structures receiving the score rating
from 0 to 9 are shown in this table. A review of these data
reveals that 20 structures (2.2 percent) experienced major
cracking (score of 6 or less) at either one location or through-
out the structure. A total of 104 structures (11.7 percent)
experienced significant flatness or distortion (score of 6 or
less) at least one section within the structure. An additional
343 structures (27.3 percent) experienced slight nonsym-
metrical distortion or minor sagging (score of 7) at one or
more locations throughout the structure.

With regard to durability, a total of 64 (7.2 percent) of
structures experienced severe corrosion and pitting (score of
3 or less), either locally or throughout the structure. An addi-
tional 172 (19.3 percent) of structures experienced fairly heavy
corrosion with either light or moderate pitting (score of 4 to
6) throughout the structure. A total of 148 (16.2 percent)
structures experienced significant water seepage with fairly
heavy corrosion (score of 6 or less) occurring at the seam or
bolt joints.

Because information on whether significant distortion or
sagging of the structure influenced the occurrence of seam
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a linear regression curve fit of the data with an excellent
coefficient of determination (r> = 0.99). This relationship may
be expressed as seam score = 7.06 + 0.19 X shape score.
This relationship should only hold for shape scores of 5 or
greater because there are insufficient data points below this
rating to establish any degree of confidence for the equation
holding true.

An evaluation of shape scores as a function of span or rise
dimensions failed to show any correlation. This evaluation
was based on a total population of 715 pipe-arch structures.

Presented in Table 9 is a listing by district of the number
of structures that received a perfect rating (a score of 36). A
total of 48 structures received a perfect score. This represents
5.4 percent of the total number of structures in the field. The
structures were built during the period 1947 to 1986, with the
average age being 24 yr. An interesting observation from this
table is the unusually high percentage (24 percent) of the 83
structures installed in north central Ohio receiving a perfect
score. The average age of these structures is 37 yr. This area
of the state has a very low stream abrasion, with stream pH
values ranging from 7.9 to 8.3.

A listing of the number of structures receiving the lowest
scores is presented in Table 10. This listing represents a range
of scores between 7 and 24. A review of these data shows
that District 10 has the highest percentage of structures with
low scores. This was expected because the stream loads in
this area are highly abrasive and the pH values range from
5.1 to 6.5. An unusual observation from this table is the
relatively high number of structures receiving a low score in
District 3. This is the same district that had the highest per-
centage of structures receiving a perfect score. The frequency
of occurrence of these low scores is presented in Table 11.

Presented in Figure 14 is a histogram of the frequency of
occurrence of the scores ranging from 14 to 36. The total
composite score ranged from 7 to 36. The average of the total
composite score was 30.15, with a standard deviation of 4.0
and a variance of 15.6. Presented in the following table are
the average score, standard deviation, and variance for each
of the four problem area categories evaluated: shape, plate,
metal, and seams.

: ; Standard

cracking was required, a frequency of occurrence of seam ooblowi Aren Score Deviation Varianee
versus shape scores was prepared (see Table 7). As a review
of this table indicates, the number of structures with a low Shape ) 7.5 1.3 1.8

6 . i. Theref ; £ th Seam Cracking 8.5 0.9 0.8
score (6 or less) is very small. Therefore, a grouping of the Plate Corrosive 6.9 17 30
structures (shown in Table 8) was prepared and used for the Metal (scam or 7.4 1.5 2.9
linear regression analysis. The results of this analysis indicated bolt corrosion)
TABLE 7 FREQUENCY OF OCCURRENCE OF SEAM VERSUS SHAPE SCORES

Shape Score

Seam Score 0 1 2 3 4 5 6 F/ 8 9 No Data Total
3 1 0 0 0 0 0 1 0 0 0 0 2
4 0 0 0 1 1 0 0 0 0 0 0 2
5 0 0 0 0 0 1 2 0 1 0 dl 5
6 0 0 0 0 0 1 1 7 1 1 0 11
7 I} 0 3 3 4 7 8 88 17 13 0 144
8 0 0 0 0 1 4 5 30 39 21 1 101
9 0 1 3 2 10 8 2 210 159 167 ra 596
No data 0 0 0 1 1 0 1 _8 0 _6 i2 29
Total 2 1 6 7 17 21 50 343 217 208 18 890
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TABLE 8 CORRELATION OF
SHAPE VERSUS SEAM SCORES

Shape No. of Average
Scores Structure Seam Scores
0 2

1 i|

2 1.5 6 16 7:33

3 7

4 17

5 4.5 2 38 7.94

6 50 8.22

7 343 8.32

8 217 8.63

9 208 8.75

TABLE 9 NUMBER OF STRUCTURES WITH PERFECT
SCORES

Number of Structures

District Perfect Scores No. Installed Percentage
1 0 59 0
2 0 51 0
3 19 83 24.0
4 4 43 9.3
5 1 46 2.2
6 3 71 : 4.2
7 3 62 4.8
8 12 157 7.6
9 4 123 3.3
10 2 166 12
15 1 27 3.7
12 0 _2 A
Total 49 890 5.4
CONCLUSIONS

Before the initiation of the analysis of the field inspection
data, a number of questions were presented to establish if
there was an interrelationship between certain design param-
eters for pipe arches and the problem areas of shape; distor-
tion or sagging, or both; seam cracking; and durability. Results
of the analysis permit the following conclusions:

1. Durability: The durability rating of the structure (sus-
ceptibility to corrosion and seepage) has been established as
a linear relationship with age until the structure is approxi-

TABLE 10 NUMBER OF STRUCTURES WITH LOW
- SCORES (RANGE FROM 7 TO 24)

Number of Structures

District Low Scores No. Installed Percentages
1 6 59 10.2
2 1 51 2.0
3 10 83 12.1
4 0 43 0
5 3 46 6.5
6 2 71 2.8
7 5 62 8.1
8 11 157 7.0
9 9 123 73

10 23 166 13.8

11 2 27 7.4

12 0 _2 0

Total 72 890
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TABLE 11 FREQUENCY OF

OCCURRENCE OF LOW

SCORES

Scores No. of Occurrences
7 1

14 1

15 3

16 1

17 2

18 2

19 1

20 5

21 10

22 10

23 16

24 20

Total 72

mately 35-yr old, at which time the rate of the structure dete-
rioration increases.

2. Durability versus geographic location: The field data
clearly indicated that the pipe arches located in southeastern
Ohio (which have high abrasive stream loads with a low pH
value) result in a higher rate of structure deterioration
(decreasing durability scores) than other geographic areas of
the state.

3. Durability versus distortion or cracking: There was no
apparent relationship indicated between the structure’s shape
and seam cracking problems and the amount of corrosion or
abrasion, or both.

4. Gauge versus distortion or cracking problems: There is
no apparent relationship indicated between the gauge of the
multiplate sections and the problems of shape distortion,
durability, or seam cracking.

5. Depth versus distortion or cracking: There is no corre-
lation indicated between the depth of cover and the shape
distortion, durability, or cracking problems.

110

100

TOTAL SCORE

FIGURE 14 Frequency of occurrence of each score
(total composite).
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6. Shape versus cracking problems: A linear relationship
was indicated for these two problem areas for the higher score
values (i.e., scam scores of 7 and greater and shape scores
greater than 5). Insufficient data were available to establish
a relationship at the lower scores.

7. Dominant modes of failure: The most dominant problem
arca of the pipe-arch structure is the occurrence of corrosion
and pitting of the multiplate structure, and seepage and cor-
rosion of the bolted joints. A total of 27 percent of the struc-
tures experienced fairly heavy corrosion. Sagging or de-
flection of these structures was also a problem area with
11.7 percent of the structure showing significant distortion or
flatness, or both, in one or more sections throughout the
structure.

8. Cracking: Cracking was observed to be only a minor
problem, with only 2 to 3 percent of the structures indicating
1- to 1%-in. cracks occurring on either side of the bolt hole
along the corner spring-line seam joint.

9. Fidelity of data: Although there were 18 different inspec-
tors involved in the field evaluation of the 890 pipe arch
structures, the method of rating generally produced reliable,
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valid data. When these structures are again inspected by dif-
ferent inspectors, the validity of the field inspection reporting
approach will be further verified.

See also “Evaluation of Corrugated Metal Pipe-Arches,”
Volumes 1 and 2. (1, 2).
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Elastic Buckling Strength of Buried Flexible

Culverts

IaN D. Moorg, ErNEesT T. SELIG, AND ATEF HAGGAG

Buckling of buried flexible culverts is defined as the loss of
resistance to flexural deformations. Alternative theories are
described. Then the procedures used by the most common
current design codes are summarized and their limitations
explained. The continuum theory is proposed as the best avail-
able approach to evaluate the buckling strength of buried flex-
ible culverts because it most realistically models the soil prop-
erties and geometry. The suggested means of applying the
continuum theory is presented. Example calculations show how
the continuum theory results compare with those of existing
codes. A major conclusion is that the substantial reduction in
stability as structure size increases, as indicated by most
approaches, is not correct according to the continuum theory.
Commonly used theories are shown to be very conservative in
most cases compared with the continuum theory. However, in
some cases, for example shallow burial, the reverse may be
true.

A characteristic feature of corrugated metal culverts is their
bending flexibility. Early in the history of long-span metal
culverts, workers recognized that these flexible structures could
potentially fail by buckling (). In fact, various buckling col-
lapses have been observed in the field. Unfortunately most
of these are not documented in the literature, and there is
also ongoing debate as to which cases involving distorted
structures constitute buckling. A structure buckles elastically
or inelastically when compressive membrane forces act to
reduce the flexural stiffness so that there is no resistance to
lateral movement.

Currently, codes of practice and design handbooks use a
variety of procedures for estimating buckling strengths of flex-
ible structures [e.g., the American Association of State High-
way and Transportation Officials (AASHTO) (2), the Amer-
ican Iron and Steel Institute (AISI) (3), the American Water
Works Association (AWWA) (4), and the Ontario Ministry
of Transportation and Communications (OMTC) (5)], although
in some cases there is no requirement for the largest of these,
known as long span structures, to be designed for buckling
(2, 3). The design procedures are generally based on the
Winkler (i.c., elastic spring) soil model, and are largely empir-
ical in nature.

This paper begins with a brief review of the theoretical
buckling analyses and code procedures, and comparisons are
made with available test data. An approach to the problem

I. D. Moore, Department of Civil Engineering and Surveying, Uni-
versity of Newcastle, New South Wales 2308, Australia. E. T. Selig
and A. Haggag, Department of Civil Engineering, University of Mas-
sachusetts, Amherst, Mass. 01003,

based on the elastic continuum model is then described that
permits rational predictions of culvert buckling strength. Finally,
a number of example problems are considered, to demon-
strate how the elastic continuum theory differs from existing
design rules.

DEFINITION OF BUCKLING

Buckling is directly associated with the effect of changes in
geometry on structural stiffness (i.e., geometrical nonline-
arity). The simplest type of buckling analysis deals with the
structure in its initial position. This is illustrated in Figure 1
for the Euler buckling problems (i.e., a straight column). If
large in-plane forces (hoop thrusts N) are present and the
structure deforms slightly (displacement W), then moments
(M) are generated as a result of the in-plane forces acting at
some eccentricity. The hoop thrusts therefore induce further
bending and so decrease the effective flexural stiffness. Linear
buckling theories involve the calculation of the hoop thrusts,
which lead to zero flexural stiffness in the initial position.

For a soil-supported structure, the combined flexure stiff-
ness of the complete soil-structure system must be considered,
and in general soil support increases the buckling strength of
the metal culvert significantly (Figure 2). Although not gen-
erally appreciated, the soil provides resistance to incremental
deformations inward as well as outward.

A structure may or may not become unstable at critical load
levels predicted by the linear buckling analysis. Deformations
at lower load levels lead to changes in geometry. The loss of
flexural stiffness then may never occur, or alternatively it may
develop at load levels less than those predicted by linear anal-
ysis. A nonlinear analysis involving the study of incremental
equilibrium in the deformed state is necessary to determine
whether the critical load calculated using linear theory is a
useful measure of buckling strength.

In this paper, buckling will be used to refer to the theoretical
loss of resistance to flexural deformations. In practice this
may be manifest by the development of wavelike deforma-
tions or flattening on the circumference, perhaps followed by
catastrophic collapse (flattening, however, does not neces-
sarily mean buckling). Elastic buckling means that buckling
is initiated before the metal structure yields, whereas inelastic
buckling means that the buckling response occurs after yield.
Yield may occur after elastic buckling is initiated, but the
response will nevertheless be called elastic buckling.

Only elastic buckling is addressed in this paper. More the-
oretical work is needed to determine how structural yield can
influence buckling strength.
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FIGURE 1 Euler buckling.

DISCUSSION OF BUCKLING THEORIES

Both linear and nonlinear buckling theories have been devel-
oped for buried flexible cylinders.

Linear Theories

Linear theories have generally focused on the linear elastic
buckling strength as a number of buckles form around the
circumference of a uniformly stressed circular structure. The
ground support restrains structural movement and therefore
increases stability.

The ground support at the interface can be modeled using
a series of elastic springs, as in the Winkler theory (Figure
3), where the spring stiffness is called the coefficient of soil
reaction (Z, 6, 7). Unfortunately, ground resistance to struc-
tural movements is a complex function of structural geometry,
burial depths, and soil properties. The difficulty in using the

FIGURE 2 Flexible pipe buckling.
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FIGURE 3 Winkler model.

Winkler model lies in estimating the spring stiffness. Three
approaches are possible for doing this:

1. Experimental measurements of buckling strength can be
used to back calculate spring stiffness. An extensive testing
program to cover the full range of culvert types, soil condi-
tions, and burial depths is needed for this empirical approach
to be reliable.

2. Spring stiffness can be expressed as a simple function of
some measurable soil properties such as soil modulus (1, 7).
This approach can only be an uncertain approximation because
the influences of structure size and shape, burial depth, the
geometry of the backfill zone, and the embankment soil con-
dition are not defined.

3. A rigorous theoretical analysis can be used in which the
material properties and geometry of the soil system are mod-
eled [e.g., Duns and Butterfield (8)]. One such approach is
introduced in this paper.

The elastic continuum model is a useful tool for assessing
the extent of ground restraint at the soil-structure interface
[e.g., Forrestal and Herrmann (9)]. Because this model rep-
resents the whole soil region, it has the potential to reveal
how soil quality and quantity, hoop thrust distribution, and
other factors influence buckling strength (Figure 4). Rational
designs for burial depth (10) and the zone of select backfill
(11) are therefore possible.

Nonlinear Theories

It is certainly important to consider the possibility that buried
structures may be imperfection sensitive (i.e., deformations
before buckling may reduce buckling strength below that pre-
dicted from linear theory). A number of workers have devel-
oped nonlinear buckling theories for buried structures (12—
14), and it has been established that structures are not imper-
fection sensitive when earth loads induce the ring thrusts.
However, there may be substantial decreases in buckling
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FIGURE 4 Factors considered in the continuum model.

strength when external fluid or internal vacuum loadings
predominate.

Current Design Procedures

The design procedures outlined by AASHTO (2), AISI (3),
AWWA (4), and OMTC (5) all feature calculations of elastic
buckling strength based on the Winkler soil model. The first
two are only loosely based on the Winkler theory, because
they employ a single soil stiffness value that was selected on
the basis of one set of experiments (15). The other two models
feature variable spring stiffness, with empirical corrections
for the effect of finite burial depth. AWWA has spring stiff-
ness given as a linear function of constrained soil modulus,
whereas the Ontario code provides a list of spring stiffness
values for various soil types and densities.

COMPARISON WITH TEST DATA

Field test results indicate that hoop thrust in flexible metal
culverts is nonuniformly distributed [e.g. Selig, Lockhart, and
Lautensleger (16), Selig and Musser (/7), and Beal (18)].
Theoretical analysis indicates that maximum hoop thrust con-
trols the elastic stability (/9). Therefore the test data used in
this paper are limited to those cases in which the static struc-
tural response could be analyzed to evaluate soil modulus E_,
and where maximum hoop thrust around the structure at
buckling could be estimated. The data, plotted in Figure 5,
are from Allgood and Ciani (20), Howard (27), Gumbel (22),
and Crabb and Carder (23). Also shown in Figure 5 are lines
corresponding to (a) elastic continuum theory for a smooth,
uniformly stressed, deeply buried cylinder in homogeneous
ground (24), (b) Winkler theory in which spring stiffness &,
is given in terms of soil, Young’s modulus £, and Poisson’s
ratio v, by

ks = EJ(1 + v)

(c) AASHTO (2), and (d) AISI (3). Critical hoop thrust N,
is normalized using structure flexural rigidity £/ and tube

radius R. Results are expressed as a function of stiffness ratio
8EfREI
where

E¥= EJ/(1 — v2).

In these calculations the soil Poisson’s ratio is assumed to be
0.3, but Young’s modulus E, is back calculated from static
deformation response.

Clearly the approaches outlined in AASHTO (2) and AISI
(3) are simplistic and can yield both excessively conservative
and excessively unconservative solutions. The fact that these
solutions do not account for shallow burial and other factors
exacerbates the problems.

The Winkler solution, using the relationship between spring
stiffness and soil modulus, is better but also does not follow
the experimental trends satisfactorily, particularly for very
flexible structures. The best fit line for the test data is almost
parallel to the continuum theory line, which is effectively an
upper bound to the experimental results. The difference
between theory and experiment probably results from the
nonlinear nature of soil behavior. Secant modulus, as calcu-
lated from static soil-structure response, may be consistently
different from the soil modulus that controls buckling.

5
10 T T T T
g CONTINUUM
8NR'/EI |
AASHTO 7% ° "
o . o
&0 " WINKLER]
! "
- AIST EXPERIMENTAL ]
10 I | 1 L \
10 10" 10
3 .
8RE /EI

FIGURE 5 Comparison of buckling theories
with experimental results.
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The remainder of the paper deals with the use of elastic
continuum theory predictions of buckling strength after cal-

ibration to give lower bound rather than upper bound buckling
strength predictions.

APPLICATION OF CONTINUUM THEORY

‘I'he critical hoop thrust N_, which elastically destabilizes the
metal culvert, is conveniently expressed as

Nc = d)NcthRx (1)

where ¢ is a calibration factor to account for experimental
variation and soil nonlinearity; N, is the buckling strength of
a uniformly stressed, deeply buried circular culvert in homo-
gencous ground; R, represents the correction factors for shal-
low burial and the geometry of the backfill zone; and R, is a
correction factor for culvert shape.

Calibration Factor

Statistical analysis of test data presently available suggests that
a value of 0.55 gives a reasonable lower bound for granular
soil (24). The calibration factor for clay material should prob-
ably be less.

Deeply Buried Culvert
The critical thrust N,, for a smooth, circular, deeply buried
culvert of radius R and flexural stiffness EI is given by

N = (7= DEI __EIR
. R? 2n + (1 — 20)(1 = v)’

)

which is minimized with respect to harmonic number », an
integer greater than or equal to 2 (25). For typical flexible
metal culverts, that is, EI/E*R> =< 102, Equation 2, reduces
to

Noy = LAED"™(ES)* . )

For these same deeply buried flexible structures, buckling
wavelength is given approximately by [Moore (10)]:

N = 2m(4EIE*)", “4)

which increases as soil stiffness E* is reduced.

Backfill Geometry

Backfill geometry effects can be examined using various solu-
tions for the linear buckling problem. To date, two idealized
configurations have been considered, as shown in Figure 6:

1. A circular culvert buried close to the ground surface in
homogeneous soil. This solution was obtained using the finite
element method (10). Correction factors R, are shown in
Figure 7 relative to the stiffness ratio 4EI/EIR® for various
ratios of crown cover depth 4 to culvert radius R. The soil-
culvert interface is smooth (frictionless).

2. A deeply buried circular culvert in a circular zone of
backfill. A closed-form analytical solution (11) was obtained

TRANSPORTATION RESEARCH RECORD 1191

: INFINITE
: SOIL

SHALLOW COVER

DUAL ZONE

FIGURE 6 Backfill geometry correction
factors.

for this case for various ratios of backfill zone width w to
culvert radius R. Shown in Figure 8 are R,, values for w/R
= 0.1 and a range of modulus ratios E¥E* where E* =
EJ(1 - v?) characterizes the stiffness of the material sur-
rounding the select backfill.

To obtain Figures 7 and 8, the soil Poisson’s ratio was taken
as 0.48. However, the effect of changing Poisson’s ratio on
the value of correction factors is small.

The wavelength of the buckling deformation can lengthen
significantly as the parameter w, representing backfill quan-
tity, or £, representing burial depth, is reduced.

Noncircular Culverts

The linear finite element buckling analysis can also be used
to examine the buckling strength of noncircular structures
(Figure 9). Elliptical culverts have been examined (26). The
results show that the buckling strength of a deeply buried
ellipse is approximately equal to that of a circular tube of
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FIGURE 7 Correction factor for shallow cover.
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FIGURE 8 Correction factor for dual zone of soil.

equal circumference (i.e., R,, = 1). Thus the stability of shal-
low buried ellipses can be evaluated from Figure 7, where R
in the stiffness ratio 4EI/E*R* is equated to the ellipse cir-
cumference divided by 2. The burial depth ratio 4/R in Fig-
ure 7 is equated to burial depth over the half span for the
ellipse.

Nonlinear buckling analysis of shallow buried elliptical
structures may be needed to confirm the validity of these
findings obtained using linear buckling theory.

Factor of Safety

The safety factor F is defined as

F= )

for critical thrust N, from Equation 1 and maximum thrust
N,,,. Maximum thrust is best calculated using static finite ele-
ment analysis.

Soil Modulus

Naturally, an important step in using the continuum theory
lies in estimating E¥ because buckling strength primarily
arises from the soil restraint, as shown by Equation 3. The
comparison between measured and predicted buckling thrust
shown in Figure 5 was based on secant soil modulus backfi-
gured from experimental data, and the theory has been cal-
ibrated on that basis. Reasonable lower bound values for
secant soil modulus are therefore needed for design.

EXAMPLE CALCULATIONS

A series of example problems will be given to demonstrate
the implications of the continuum theory solution. Shown in
Figures 10 to 13 for various cases are the ratios of buckling
thrust to the thrust that induces wall crushing by material
yielding. Four different methods are used to estimate this
ratio, namely the continuum model and the procedures out-
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FIGURE 9 Correction factor for
structural shape.

lined by OMTC (5), AASHTO (2) and AISI (3). Table 1
contains parameter values used in these calculations.

First, the effect of backfill quality and the size of the backfill
zone are examined (Figure 10). The buckling strength of deeply
buried 25-ft-diameter circular culverts is considered in turn
for low-stiffness backfill, a thin ring of good-quality soil, a
more extensive soil envelope, and finally good-quality soil
alone. The continuum theory suggests that for low-stiffness
soil, buckling precedes wall crushing. As the quantity of good-
quality soil increases, buckling strength steadily improves until
material strength controls stability. The continuum theory can
be used to make a rational assessment of these various types
of ground support.

The Ontario code permits an assessment of soil stiffness
and its influence on buckling strength but is not able to ration-

CASE  CONTINUUM  OMTC AASHTO AlSI

0.3 1.2 1.1
1.0 1.2 11
1.0 1.2 1.1
1.0 1.2 14

FIGURE 10 Effect of backfill conditions on ratio of
buckling to thrust yield stress.
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CASE CONTINUUM OMTC AASHTO AlSI

2.7 1.0 1.2 1.1
27 0.9 0.7 1.1
2.7 0.85 0.5 0.4
2.7 0.8 0.2 0.4

FIGURE 11 Effect of size and shape of culvert on
ratio of buckling to thrust yield stress.

ally predict the effect of backfill quantity. Neither AASHTO
nor AISI suggest how backfill quality influences buckling
strength. For this problem, they appear unconservative for
low-stiffness soil but overconservative for stiff ground.

A significant difference between Winkler soil models and
the continuum theory lies in the perceived effect of structural
size and shape on elastic buckling. Compared in Figure 11
are predictions of the buckling-to-yield ratio for two deeply
buried circular culverts (spans 25 and 40 ft) and two deeply
buried elliptical structures (span 25 ft, height 15 ft; and span
40 ft, height 29 ft).

The continuum model suggests that buckling thrust N, is
independent of culvert size and shape. In each case the buck-
ling thrust is 2.7 times the thrust that induces wall crushing.

AASHTO and AISI indicate that there is a substantial
reduction in stability as span increases for the same shape.
The radius of curvature at the crown of the elliptical culverts
is larger than the radius of circles of equal span. Thus OMTC
and AASHTO both suggest that buckling is more likely for
elliptical culverts than for circular culverts of equal span. Size
and shape effects in OMTC are small. It is well known that
the AASHTO and AISI buckling equations contradict field
experience in that long-span culverts currently in service are
performing satisfactorily, whereas these methods indicate that
the culverts are overloaded. This partially explains the fact
that long-span structures are currently exempted by AASHTO
and AISI from satisfying the buckling criteria. There is no
reason to believe that long spans are less susceptible to buck-
ling failure than the smaller span structures. Thus the assess-
ment of long-span structures for the possivility of buckling
failure is desirable for reasons of safety and economy. The
proposed continuum method should make this possible.

CASE CONTINUUM OMTC  AASHTO AISI

2.7 1.0 1.2 11

FIGURE 12 Effect of cover depth on ratio of
buckling to thrust yield stress.
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CASE CONTINUUM OMTC AASHTO AlS!
E 2.7 09 0.7 1.1
1 3.5 13 0.7 1.1

FIGURE 13 Effect of culvert wall thickness on ratio
of buckling to thrust yield stress.

Ground support contributes significantly to the buckling
strength of metal culverts. As cover over the culvert crown
is reduced, ground restraint decreases over the structure and
load capacity is reduced. Predictions of buckling thrust rel-
ative to yield thrust for a deeply buried circular culvert and
a shallow buried structure are compared in Figure 12. Soil
and culvert properties remain unchanged. Once again four
predictions are shown for each culvert case.

Neither AASHTO (2) nor AISI (3) include an assessment
of the influence of shallow burial on buckling strength. Both
the OMTC (5) design approach and the continuum theory
indicate that significant reductions in buckling strength occur
as cover is decreased. The former makes use of a number of
empirical corrections for shallow burial. The latter is a the-
oretical procedure for estimating burial depth effects given
directly by the continuum model. The failure mode has con-
verted from ring crushing to elastic buckling with the decrease
in crown cover. The empirical buckling equations given by
AASHTO and AISI may be quite unconservative for this
problem. Rational predictions of minimum cover can be made
based on the continuum buckling theory. These complement
empirical guidelines for minimum cover such as presently in
use by OMTC and those based on analyses of stability using
soil failure and limiting bending moment.

To complete the examples, the buckling strengths of deeply
buried elliptical culverts for different sets of wall moment of
inertia I and wall area A (resulting from a change in plate
thickness) have been compared in Figure 13. Both empir-
ical solutions suggest that the ratio of critical thrust to crush-
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ing force is unchanged. The other models indicate that wall
crushing becomes even more dominant as plate thickness is re-
duced. It appears that elastic buckling is relatively more signif-
icant for the thicker steel plates used commonly on long-span
structures.

In general, then, the empirical models currently incorpo-
rated in AASHTO (2) and AISI (3) include corrections for
culvert span that are questionable, and cannot account for
the effects of ground modulus or burial depth on buckling
strength. For the structures considered, continuum theory
predicts considerably higher buckling strengths for good-qual-
ity backfill. It does suggest, however, that buckling strength
may control shallow cover situations in which stability is reduced
significantly. The Ontario code (5) is, in general, the most
conservative of the four theories.

SUMMARY AND CONCLUSIONS

The elastic buckling of flexible metal culverts has been con-
sidered. An examination of experimental results indicated
that linear buckling theory based on the elastic continuum
ground model provides a better estimate of buckling strength
than other methods [Winkler models, AASHTO (2) and AISI
(3)]. The continuum model is based on well-defined soil
parameters and can consider the effect of shallow cover, the
quality and quantity of backfill used to support the corrugated
metal structure, and the culvert shape.

A procedure has been described for predicting metal culvert
elastic buckling strength. With this procedure, the stability of
both circular and elliptical structures can be evaluated for
deep and shallow burial in homogeneous ground. The stability
of deeply buried circular structures surrounded by a finite
envelope of backfill can also be assessed. Rational design of
structure backfill and minimum cover height is now possible.
Linear buckling solutions of this type are suitable when hoop
thrust is generated from earth loads rather than from fluid
pressure or internal vacuum.

A number of example problems were considered in order
to examine the implications of the new procedure. Estimates

TABLE 1 GEOMETRY AND MATERIAL PROPERTIES FOR EXAMPLE CALCULATIONS

Span Rise E_E' i A R,

Problem (ft) (ft) (Ib/in.?) (in.*in.) (in.%in.) R, (ft-in.)

A 25 25 500 0.166 0.343 1 12-6
0.33

B 25 25 4,000 0.166 0.343 (w/R = 0.1) 12-6
0.70

c 25 25 4,000 0.166 0.343 (w/R = 0.3) 12-6

D 25 25 4,000 0.166 0.343 1 12-6

E 25 15 4,000 0.166 0.343 1 16-8

F 40 40 4,000 0.166 0.343 1 20

G 40 29 4,000 0.166 0.343 1 28-4
0.2

H 25 25 4,000 0.166 0.343 (h/IR = 0.12) 12-6

I 25 15 4,000 0.108 0.228 1 16-8

Note: For steel E = 30 x 106 Ib/in.? and yield stress = 33 X 103 Ib/in.2, For soil v, = 0.33.
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of buckling strength were compared with calculations based

on three other design procedures [OMTC (5), AISI (3), and

AASHTO (2)].

The empirical elastic buckling equations specified in
AASHTO and AISI suggest that buckling strength is inde-
pendent of soil stiffness and burial depth. They also indicate
that substantial reductions in stability occur as structural size
is increased. These trends are believed to be incorrect.

The Ontario code used a linear buckling solution based on
the Winkler model, in which modulus of subgrade reaction is
treated as a material constant and empirical corrections are
included for considering burial close to the ground surface.
It is believed to be very conservative.

The continuum theory solution indicated that for typical
deeply buried culverts, buckling strength is a function of the
flexural stiffness of the structure and ground modulus rather
than is span or perhaps even shape. However, the continuum
theory also demonstrates that shallow burial or poor backfill
can reduce stability dramatically. The assessment of buckling
strength for long-span culverts is currently not required by
AASHTO or AISI, probably because of the excessively con-
servative nature of the empirical buckling equations when
used for those structures. However, it is important to assess
the buckling strength of all flexible metal culverts, and
continuum solutions are believed to yield rational and re-
liable estimates of stability that enable all structures to be
considered.

Further developments of the continuum solutions are envis-
aged, using a linear finite element buckling solution. Studies
of various field installations should provide valuable data for
comparisons with the model.
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Current Practice of Reinforced Concrete Box

Culvert Design

MAHER K. TaADprOS, CONSTANCE BELINA, AND DALLAS W. MEYER

Although the state of Nebraska alone spends about $2.50 mil-
lion annually on construction of reinforced concrete box cul-
verts, relatively little research has been devoted to them in
recent years. The research described in this paper was, in part,
directed at establishing the state of the art of the design of
these culverts. Specifically, a summary is given in this paper
of the results of recent field measurements. It has been found
that the field measurements of soil pressures indicated higher
pressures than those given by the American Association of State
Highway and Transportation Officials specifications. The
responses of state bridge engineers, or those with similar
responsibilities, to a questionnaire on their design practices
are reported herein. Several inconsistencies in the American
Association of State Highway and Transportation Officials
specifications were reported. Despite these inconsistencies and
the apparent underestimation of soil loading, very little struc-
tural distress was observed. Lack of distress may be attributed
to several causes. For example, some of the states use higher
soil pressures than American Association of State Highway and
Transportation Officials’ specified values. Also, the conser-
vative criteria associated with the working stress design increase
the margin of safety against failure and reduce the effect of
underestimating the soil loads.

Use of cast-in-place reinforced concrete box culverts (RCBCs)
as underground conduits is common throughout the United
States. In the state of Nebraska the Department of Roads
currently spends about $2.6 million on RCBC construction
annually. Typical design of the RCBC within the United States
is based on the American Association of State Highway and
Transportation Officials (AASHTO) Standard Specifications
for Highway Bridges (I). Soil loads are usually based on the
AASHTO Group X loading for culverts.

Relevant full-scale testing by previous investigators is sum-
marized herein. This testing has indicated a substantial dis-
crepancy between the AASHTO design loads and in situ
measured values. Because of these discrepancies, a survey
was taken of the various state highway departments to deter-
mine their design practices. The topics addressed in the survey
included the design method, load factors, soil loadings, and
any structural distress encountered.

A discussion of the results of the survey is presented herein.
The various practices are compared with the AASHTO spec-
ifications. It is shown that some of the states have recognized
recent experimental and analytical evidence that the AASHTO
specifications generally underestimate soil pressures on RCBCs.

The survey also indicates that a number of the states have

M. K. Tadros and D. W. Meyer, University of Nebraska-Lincoln,
60th and Dodge Streets, Omaha, Nebr. 68182-0178. C. Belina, 812
Leawood Drive, Omaha, Nebr. 68154.

adopted the load factor design approach as opposed to the
older, and generally more conservative, service load design
method. It is interesting to note that very few cases of struc-
tural distress were reported in the survey. Reasons for this
apparently good performance, despite the use of relatively
small loads in design, are discussed herein.

The subject of this paper is primarily the current design
practices of cast-in-place RCBC. Recent analytical work (2)
has indicated the need for critical review of the AASHTO
specified soil pressures on RCBCs. The work was done with
the aid of the computer program CANDE (3, 4). Discussion
of that work is beyond the scope of this paper. 4

Excellent work on precast concrete box culverts has recently
been conducted by Heger et al. (§—7), Boring et al. (8), and
LaTona et al. (9). This work confirms that soil pressures
specified in Sections 3 and 6 of the AASHTO bridge speci-
fications are lower than those obtained from field measure-
ments and from rigorous soil-structure interaction analysis.
LaTona et al. (9) discuss the computer program that led to
ASTM C789 and C850 standard specifications for precast rein-
forced concrete box sections (10, 11).

SURVEY OF STATE HIGHWAY DEPARTMENTS

In July 1984, bridge engineers, or those with similar respon-
sibilities in all 50 state highway departments, received a letter
that requested data on the concrete box culvert design prac-
tices used in their respective states. A copy of this letter is
given in Figure 1. Thirty responses were received by letter or
by telephone. Some responses were very brief; others, how-
ever, discussed their design practice in some detail. Remarks
from several states included copies of design manuals for box
culvert design. A synthesis of the information received is shown
in Table 1. The following is a summary of the responses to
the five questions asked in the letter.

Design Method

At the time they responded to the survey, 10 states used the
load factor design (LFD) method. Twenty states used the
service load design (SLD) method; however, 7 of the 20 use
LFD for certain cases, as explained in the table.

Load Factors

In general, states that used either design method applied load
factors in accordance with the 1983 AASHTO Standard Spec-
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Address All Replies To!
Depariment of Civil Engineering
60th & Dodge Streets

Omaha, Nebraska 68182-0178

We are presently conducting research on the desfign of
reinforced concrete box culverte for the Nebraska Department of
Roads and the Federal Highway Administration. Finite element
modeling of the culverts and the surrounding soil has indicated to
us that the soll loads specified by the current AASHTO Bridge

Specs are probably too low.

Our analysis (ndicates a vertical

soil pressure i{n excess of tha AASHTO value of (0.7) X (120 pcf) X
(f111 height). Our analysis also indicates that the lateral
pressure of (30 pef) X (soll depth) specified by AASHTO {s

probably too low.

The comparisons we have made so far are analytical, using the
computer program "CANDE."” As you probably know, this
comprehensive program was primarily developed by Notre Dame

University for the FHWA,

The only recent experimental results available to us on box
culverts at this time are those reported by Kentucky during the
70's. Settlements and soil pressures were measured on a 4ft X 4ft

single cell box with a 77ft,

fil1l. Thetir results indicate higher

soll pressures than AASHTO specified values,

We are wondering whether your state has conducted studies of
loads on box culverts, in particular, or of design of these
culverts, In general., Results of experimental work would be most,
helpful. We would also like to know the procedures and design
philosophy followed {n your state. For example, (1) Do you use
the strength or the working stress design method? (2) What 1load
factors are assigned to soil and live loads, 1if any? (3) Do you
design for soll loads that differ from the AASHTO Specs? On what
basis? (4) Do you specify Grade 40 or Grade 60 steel? (5) Have
your box culverts experienced any consistent form of distress or

excessive deformation?

Your time and effort in responding to this request will be

most appreciated.

If you would 1like to dfscuss this matter

further, or transmit your response by telephone, please call me

collect at (402) 554-3286.

Sincerely,

Maher K. Tadros

FIGURE 1 Questionnaire sent to state departments of transportation.

ifications for Highway Bridges and subsequent interims. In
the AASHTO specifications, RCBC are categorized into the
AASHTO Group X loadings. The equation for Group X
loading is

AASHTO Group X = y[Bp,D + B, (L + I) + BeE]

For SLD, vy = 1.0, B, = 1.0, B, = 1.0, Bz = 0.7 for vertical
and 1.0 for lateral loads on RCBC. If the reinforced concrete
box culvert is designed as a rigid frame, B, = 0.5 or 1.0 for
lateral loads, depending on which one controls.

For LFD, y = 1.3, 8, = 1.0, B, = 1.67, and B = 1.0
for vertical loads. Again, B = 0.5 or 1.3 for lateral loads,
depending on which one controls. Several states, however,
used a modified version of the AASHTO Group X loads, as
shown in Table 1.

Comments from three states, South Dakota, Washington,

and Virginia, indicated that they prohibit the reduction of
vertical soil pressure to 70 percent of the actual load, as allowed
by AASHTO for SLD. The chief structural engineer from
South Dakota commented that his department felt that the
B g coefficients specified by AASHTO for LFD were too low
because soil pressures on reinforced concrete box culverts are
less predictable than are dead loads. The Virginia chief engi-
neer’s comments reflected the feeling that soil bridging may
not exist over new reinforced concrete boxes. Washington
reported experience with negative arching, that is, loads on
the culvert that are greater than the weight of the soil prism
above the box.

Several states indicated that the 0.7 reduction factor applied
to vertical soil pressure in the AASHTO service load method
was never intended to account for the effect of soil arching.
Rather, the purpose of the 0.7 factor was to effect an increase
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Design
Vertical Design
Design Soil Horizontal Reinforcement
Method Loading, Soil Loading,? Grade
State Used= Load Factors lb/ft? Ib/ft? Specified
Arizona SLD AASHTO Group X 120 30 Seer
California LFD (vBo/d) = (VBe/p)= 1.5 140 42 or 140 60
(vBL/d) = 2.5
Connecticut SLD¢ AASHTO Group X 120 30 60
Idaho SLD - - 45 or field test 40
Illinois LFD y=15forD + E 120 40 for fill height 60
y=13for L +1 50 for barrel height
B, = 1.3 for lateral E and 0.5 for
checking + M in slabs
Iowa LFD AASHTO Group X 140 36 40
Kentucky LFD AASHTO Group X 120 34-45 60
Maine LFD Be =13 36 60
Michigan® LFD v = 1.3 for D + vertical £ 120 15 or 30 60
v = 1.69 for horizontal E
Minnesota LFD - - 75%, 33%, 16.5% of 60
vertical pressure
Mississippi SLD AASHTO Group X 120 30 40
Missouri SLD/ AASHTO Group X 120 30 60
Montana# - - = - -
Nebraska SLD AASHTO Group X 120 15 or 30 40
New Hampshire SLD AASHTO Group X 120 Varies with fill height H: 60
15 or 45 for H < 30 ft
150r 60 for30 ft <H <
60 ft
30 or 90 for 60 ft < H <
90 ft
New Jersey SLD AASHTO Group X 120 35 607
New York SLD AASHTO Group X 120 30 60
North Carolina LFD AASHTO Group 7 120 30 60
North Dakota LFD - 120 40 60
Oklahoma SLDf AASHTO Group X 120 36 40
Oregon SLD = - - 60
Rhode Island SLD4 - - 35 60
South Carolina SLD AASHTO Group X 120 30 40/
South Dakota SLD¢ Bz = 1.0 for vertical soil pressure 120 20 or 40 60
Tennessee SLD* AASHTO Group X 120 30 60
Texas SLD! - 120 20 or 40 See!
Virginia SLD“ Bg = 1.0 for vertical soil pressure - - 40/
Washington SLD Be = 1.0 for vertical soil pressure 130 15 or 60 40/
West Virginia SLD AASHTO Group X 120 30 40
Wyoming LFD AASHTO Group X 120 36 60

4 LFD = Load Factor Design, SLD = Service Load Design.
b Equivalent Fluid Pressure.

¢ Arizona specifies grade 40 for bar sizes #6 and smaller and grade 60 for bars larger than #6.

4 Precast concrete culverts are designed by LFD.
¢ SLD is used for 3-cell boxes.

f Triple boxes and special conditions are designed by LFD. Eventually alt design will be by LFD.

¢ No recent experience with RCBCs.

" Contractor may submit an alternate design using grade 40 reinforcing.
i LFD is used to check strength in special cases.

/ Grade 60 reinforcing may be substituted for grade 40.

k Tennessee has discussed changing to LFD.

' LFD has been used for special cases with grade 60 steel only when needed.

in the allowable stress under dead load, as compared with
that allowed under live load. The same explanation for the
reduction factor has been reported in the literature [see, for
example, work by Davis and Bacher (12)].

Soil Loading

At the time of the survey, AASHTO specifications recom-
mended the use of a vertical soil pressure of 120 1b/ft*> and a
horizontal soil pressure of 30 1b/ft> equivalent fluid pressure

for the design of reinforced concrete box culverts. Eleven
states, out of those who supplied information on soil pressures
used in design, indicated use of the AASHTO loads without
modification. Three states used values other than 120 Ib/ft3
for vertical soil loads. Eighteen states reported the use of
horizontal soil pressures different from AASHTO values.
Several states specified minimum and maximum values of
horizontal soil pressure, apparently to conform to AASHTO
Section 3.20.2., which requires that only one-half of the bend-
ing moment caused by lateral soil pressure may be used to
reduce positive moment in the slabs. California required
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equivalent fluid densities of 42 and 140 Ib/ft> to be used in
design. The former loading is based on a drained embankment
condition, whereas the latter represents a saturated soil con-
dition.

Structural Materials

In the LFD method, the computed ultimate structural strength
is highly dependent on the strength of the reinforcing steel.
This question was addressed in the questionnaire with most
states reporting the use of grade 60 reinforcing bars. Some
states specified grade 40 but allowed the use of grade 60
reinforcing.

Structural Distress

In general, the states responding to the questionnaire have
had good experience with reinforced concrete box culverts,
with few instances of structural distress reported. Three states
reported some cracking, which was attributed to differential
settlement. One state experienced cracking in the positive
moment areas of the top slab under higher fill heights. Another
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state reported cracking in the positive moment zone of the
bottom slab of a culvert, under which it was suspected that
swelling of the bedding material had occurred.

It should be pointed out that the negative moments at the
corners of RCBCs are generally higher than the positive
moments at the center of the spans. Thus, cracking is on the
side adjacent to the soil where it cannot be easily observed.
This cracking is perhaps more serious in terms of corrosion
of the reinforcing steel. )

Studies done at the University of Nebraska (2) show that
the service load design method, when applied to RCBCs,
produccs designs with excessive factors of safety against fail-
ure. The underestimation of soil loads appears to be offset
by this excessive factor of safety.

FIELD TEST DATA

Four groups of researchers have conducted projects, which
have included observations of soil pressures on reinforced
concrete culverts. The Kentucky Department of Transpor-
tation has compiled data from one pipe culvert location and
seven box culvert installations, four with the imperfect trench
and three without (13-16). The imperfect trench method of
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FIGURE 2 Field instrumentation, 4- by 4-ft box culvert (77-ft
fill), Station 123 +95, Clark County, Kentucky.
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culvert construction involves the excavation of a trench in the
embankment above the culvert. The trench is filled to some
height with loose material, such as soil or baled straw, and is
then covered with normally compacted embankment material.
Only projects constructed without the imperfect trench con-
dition are discussed. The three box culverts constructed with-
out the imperfect trench had dimensions that varied from 4
ft by 4 ft to 6 ft by 6 ft. Fill heights varied from 37.5 ft on a
5 ft by 4 ft culvert to 77 ft on the 4 ft by 4 ft culvert.

Figure 2 is shown to illustrate the testing configuration for
the 4-ft by 4-ft culvert with 77 ft of fill. Figures 3, 4, and 5
illustrate the test results compared with the AASHTO Group
X loadings for the 4 by 4-, 5 by 4-, and 6 by 6-ft boxes, with
normal pressure, 1b/in?,

A recent study funded by the Texas Highway Department
and the Federal Highway Administration (17) involved instru-
mentation of one reinforced concrete box culvert. Soil pres-
sure readings were taken at fill heights varying from 8 in. to
8 ft. This research focused on evaluation of the soil-culvert
system under both backfill and live loads.

A research team from Northwestern University has instru-
mented two 60-in.-diameter reinforced concrete pipe culverts,
one in the embankment condition and one in a trench con-
dition (18-20). In the embankment case, the culvert was founded
on natural ground and approximately 25 ft of embankment
material was placed around it on both sides and on top. For
the other case, a deep and narrow trench was dug in natural
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FIGURE 3 Comparison of test and AASHTO results: 4- by 4-
ft box culvert (77-ft fill), yielding foundation, Station 123+ 95,
Clark County, Kentucky.
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soil; the culvert was placed in the trench and covered with
fill material to approximately 30 ft.

The California Department of Transportation has con-
ducted a research project that included measurements of soil
pressures under imperfect trench conditions. Three of the
structures tested were reinforced concrete arches including a
10-ft arch with 200 ft of fill, an 8-ft arch with 240 ft of fill,
and a 22-ft arch with 190 ft of fill. Two 84-in. diameter rein-
forced concrete pipes were instrumented at two locations,
with fill heights of 136 ft and 183 ft. A 96-in. prestressed
concrete pipe with 200 ft of fill was also tested. (21-29).

SUMMARY OF FIELD TESTS

Several observations can be made about the research projects
mentioned in this paper that relate to reinforced concrete box
culverts. For all projects, regardless of culvert shape, the soil-
pressure versus time curves are approximately linear. That is,
from the beginning of construction to the time of fill com-
pletion, soil pressures were observed to be proportional to
fill height. In addition, a substantial amount of soil friction
on the side walls was observed in all of the RCBC projects.
This friction generally exhibited a downward drag, thus
increasing the pressures on the bottom slab.

After fill completion, however, changes in soil pressure with
time varied among the projects. For most of the pipe and
arch structures, vertical soil pressures changed only negligibly
with time; horizontal pressures, however, did increase with
time, especially at the California sites. An exception to this
is the twin pipe installation in Kentucky in which vertical
pressures increased with time while horizontal pressures
remained fairly constant. On two of the box culverts in Ken-
tucky, soil pressures increased significantly after fill comple-
tion, by about 25 percent. It should be pointed out that mea-
surements were taken on the Kentucky boxes for more than
2,000 days. This is about twice as long as the period of time
for which measurements have been reported for the other
installations.

Loads resulting from horizontal and vertical soil pressure
were not symmetrical about the culvert vertical centerline at
any of the field installations. The amount of asymmetry varied
among the different projects, however, and may be related
to the asymmetry of the in situ geologic conditions at the
individual sites. The Texas researchers believed that the asym-
metry of pressure cell readings could be attributed to uneven
fill compaction at the low fill heights involved or the ques-
tionable reliability of the pressure cells at these low pressures.

Both horizontal and vertical soil pressures were higher than
AASHTO design loads at the Kentucky box culvert locations
and at the Ohio embankment pipe installation. Observed
pressures were lower than AASHTO loads at the Kentucky
pipe culvert site and at the Ohio trench pipe location. At the
Texas box culvert site, horizontal pressures were higher and
the vertical pressures were lower than AASHTO loads at low
fill heights. The California research in general showed higher
vertical pressures on the arches and lower vertical pressures
on the pipes when compared with AASHTO values. For both
arches and pipes, observed horizontal soil pressures at the
California locations generally fell between the two AASHTO-
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specified design loads of 30 Ib/ft> and 120 Ib/ft*> equivalent
fluid pressure.

CONCLUSIONS

The survey of state highway departments has indicated a diverse
interpretation and application of AASHTO specifications rel-
evant to concrete box culvert design. A number of states use
higher soil pressures than AASHTO-specified values. Also,
there appears to be a trend toward more use of the strength
design approach. Only a few cases of structural distress were
reported, indicating that current design practices produce safe,
but not necessarily economical, box culverts.

Field measurements of culvert behavior have been limited.
Most of the testing on pipe culverts was performed in Cali-
fornia. Kentucky’s work was done on seven box culverts,
mostly under deep soil fills. The test program in Texas was
somewhat inconclusive. Additional field research would pro-
vide a larger data base to compare experimental results with
correct design procedures. Any improvement in the culvert
design procedures could result in safe, yet more economical,
structures.

The analytical work done at the University of Nebraska (2)
seems to support this belief. That comprehensive study
addressed soil pressure distribution, live load distribution, and
influence of the design methods used. Research is currently
underway to obtain field measurement on a twin cell 12-ft by
12-ft box culvert with 12 ft of soil fill. A report on these field
measurements and comparison with analytical values will be
given at a later date.
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Investigation of the Structural Adequacy of

C 850 Box Culverts

G. R. Freperick, C. V. Arbis, K. M. TarHINI, AND B. Koo

The structural behavior of American Society for Testing and
Materials C 850 box culvert sections resulting from live load
was investigated using theoretical analyses, field testing, and
model testing. The field testing was performed on box culvert
sections that were put into service after testing. These box
culvert sections were installed on state routes in Ohio using
construction crews and normal construction procedures. An
overview of these analyses is presented in this paper. The initial
purposes were to determine whether shear connector plates
are required to transfer the load across a joint between adja-
cent box culvert sections, and if the recommended maximum
spacing of 30 in. was appropriate. Testing at the first site
indicated that shear connector plates are not required to trans-
fer the load. The primary purpose of testing at the second site
was to verify the results from testing at the first site. For these
box culvert sections, there were no provisions for shear con-
nectors, hence the reinforcing steel was not cut because the
shear connector attachments were not installed. The results
verified those from testing done at the first site. Additionally,
it was concluded that C 850 box culvert sections are overde-
signed structurally. Before testing was undertaken at the third
site, a redesign was executed for C 850 box culvert sections.
The redesigned C 850 box culvert section was essentially the
same as the C 789 design with 4 ft of earth cover and HS 20
loading. Testing at this site demonstrated that the redesigned
C 850 box culvert section performed satisfactorily. The major
conclusions are that shear connectors are not required on
American Society for Testing and Materials C 850 box culvert
sections and that these sections are overdesigned structurally.
It was also concluded that the deflection along an edge of the
top slab was so low, even with the wheel load applied at that
edge, that the American Association of State Highway and
Transportation Officials’ edge beam requirement need not be
enforced.

The design requirements for box culvert sections installed with
less than 2 ft of cover and subjected to highway loadings are
enumerated in American Society for Testing and Materials
(ASTM) Specification C 850 (I). These requirements gen-
erally follow the American Association of State Highway and
Transportation Officials (AASHTO) Standard Specifications
for Highway Bridges (2). The requirements of interest in this
paper (as applied to box culvert sections) are

1. Use of shear connector plates,

2. AASHTO edge-beam requirement, and

3. Applicability of AASHTO distribution width for wheel
loads.

Department of Civil Engineering, The University of Toledo, Toledo,
Ohio 43606

Two separate studies were undertaken to investigate these
requirements. These studies included theoretical analyses,
model testing in a laboratory, and field testing of prototypes.

THEORETICAL ANALYSES

In the theoretical analyses, the structures were idealized into
plane frames with a unit width. The corresponding live load
was determined using the AASHTO distribution width for a
wheel load. The dead load associated with 2 ft of earth cover
and the weight of the box culvert, as well as the lateral earth
pressure on the side walls, was also considered. The analyses
were performed using classical methods of structural analyses
and the finite element method.

A three-dimensional stress analysis was also performed using
the finite element method. STRUDL was used for this anal-
ysis; prismatic elements with triangular cross sections and six
nodes were selected. There were three linear degrees of free-
dom at each node of the element.

In these analyses, deflections, bending moments, shear, and
normal forces were calculated. Reinforced concrete design
was performed using the ultimate strength method.

FIELD TESTING

During the field testing of prototype structures, deflections
of the top slab were observed and recorded along both edges
of a joint that was subjected to load. Additionally, electric
resistance strain gages had been mounted at selected locations
and strain magnitudes were recorded. Primarily, strain values
were recorded for the top slab.

All prototype structures were cast by the same manufac-
turer, Hyway Concrete Pipe Company in Findlay, Ohio, with
tongue-and-groove joints. The cylinder strength of the con-
crete was a minimum of 5,000 1b/in.? and the minimum yield
strength of the welded wire fabric reinforcing was 65,000 1b/
in.2. Normal construction techniques were followed except
that over-reinforcing was minimized. The theoretical steel
areas were matched as closely as practicable.

For the first investigation (3), strain gauges were mounted
on both the welded wire fabric and the concrete. Also, a few
strain gauges were mounted on the shear connector plates.
Deflection and strain data were recorded for three load
conditions:

1. Wheel load applied directly to the top slabs of C 850
box culvert sections without shear connector plates installed,
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2. Wheel load applied directly to the top slabs with shear
connector plates installed, and

3. Wheel load applied to the asphalt pavement placed over
the box culvert sections with shear connector plates installed.

For these conditions, a (simulated) wheel load of 20,800 ib
(AASHTO HS 20 16,000-1b wheel load plus 30 percent impact)
was applied to a simulated tire print (a 10-in. by 20-in. wooden
block). Only one wheel load was applied on the structure at
a time. The structure was Ohio DOT bridge number MAR-
309-09.42 (located in Marion County) and used six box culvert
sections with 12-ft span by 6-ft risc and a total laying length
of 36 ft. The primary purposes of this investigation were to
determine whether shear connectors were required and whether
the 30-in. maximum spacing was appropriate. The geometry
of an individual box culvert is presented in Figure 1; the
overall configuration of the structure is shown in Figure 2.
Because this structure was to be placed in highway service
after testing, it was decided to limit the magnitude of the
loading to 20,800 Ib.

TRANSPORTATION RESEARCH RECORD 1191

For the second investigation (4), strain gages were mounted
on the concrete only. Two prototype structures were field
tested in this investigation: PUT-109-02.67 and CRA-19-17.10.
Deflection and strain data were recorded at each site. Based
on the results of testing at the Marion County site, it was
decided to load these box culvert sections until a hairline crack
developed.

At Ohio Department of Transportation (DOT) bridge No.
PUT-109-02.67 (located in Putnam County), the primary pur-
pose was to verify the conclusions from MAR-309-09.42 on
box culvert sections that did not have the reinforcing steel cut
as is necessary when installing the shear connector attach-
ments. This structure consisted of 17 box culvert sections with
12-ft span by 4-ft rise. These sections conformed to ASTM C
789 (5) for 3 ft of cover; the geometry of an individual box
culvert is presented in Figure 3. However, they were subjected
to live loading as though they were C 850 box culvert sections.
After the sides had been backfilled to the elevation of the top
slabs, the box culvert sections were loaded directly on the top
slabs with a load of at least 20,800 1b before any earth cover
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FIGURE 1 Details of 12-ft by 6-ft box culvert (Ohio DOT bridge MAR-309-09.42).
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FIGURE 2 Arrangement of box culvert sections (Ohio DOT bridge

MAR-309-09.42).

was placed. Four of the box culvert sections in this structure,
as indicated in Figure 4, were subjected to single (simulated)
wheel loads to produce a hairline flexural crack in the bottom
sides of the top slabs.

At Ohio DOT bridge No. CRA-19-17.10 (located in Craw-
ford County), the primary purpose was to verify a redesigned
box culvert section that would be subjected to AASHTO HS
20 loading with asphalt pavement placed directly on the top
slab. This structure consisted of 10 box culvert sections with
10-ft span by 6-ft rise. All walls of these sections were main-
tained at thicknesses of 10 in. so that conventional forms could
be used in their manufacture. However, the reinforcing steel
areas were less than those specified in ASTM C 850. The
details of the redesigned box culvert are presented in Figure
5; the overall structure is shown in Figure 6.

MODEL TESTING

Model testing (6) was performed in a laboratory on % size
scale models of each of the prototypes that were field tested.

These models were cast in plywood forms using portland cement
concrete and hardware cloth for the reinforcing steel. The
concrete was proportioned to provide a 28-day compressive
strength of 4,000 Ib/in.2. The aggregate used had a maximum
particle size of % in. The wires in the hardware cloth were
spaced at ¥ in. in both directions. To achieve the required
areas of reinforcing steel, Vs-in. diameter steel rods were wired
to the hardware cloth as necessary. No attempt was made to
match the distribution reinforcing or the shrinkage and tem-
perature reinforcing. Each model was subjected to a scaled
wheel load. The models were not subjected to lateral earth
pressure or dead load (other than the weight of the model).

RESULTS AND CONCLUSIONS

The primary observations (at a wheel load of 20,800 1b) from
the investigations of MAR-309-09.42 were as follows:

1. The maximum compressive strain in the concrete in top
slabs is very low—of the order of 120 microin./in.
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FIGURE 3 Details of 12-ft by 4-ft box culvert (Ohio DOT PUT-109-02.67).

2. The maximum tensile strain in the reinforcing steel is
very low—of the order of 120 microin./in. (This is so low that
the concrete did not develop tensile flexural cracks.)

3. The maximum deflection along a joint between adjacent
box culvert sections was 0.027 in. without shear plates in
place.

4. The average values of the deflections without shear plates
for the loaded edge and relative deflection across the joint
were 0.018 in. and 0.012 in., respectively.

5. The average values of the deflections were 0.014 in.
and 0.006 in_ | respectively, with shear plates and without
pavement.

6. The average values remained virtually the same after
the pavement was in place.

7. The strain in the shear plates was very low—on the order
of 120 microin./in.

Hence, because the deflections and strains were very low,
it was concluded that shear connectors are not required to
transfer load across a joint. Further, it was concluded that
the AASHTO edge-beam requirement does not need to be
enforced for box culverts. Note that it was necessary to cut
the reinforcing steel to install the anchorages for shear con-
nectors. Often this required cutting the reinforcing steel in
locations of greatest bending moments. This did not appear

to adversely affect the structural behavior of the box culvert
sections. All of the above observations led to the conclusion
that ASTM C 850 box culvert sections are overdesigned struc-
turally.

The primary observations from the investigations of PUT-
109-02.67 were

1. The maximum strain in the concrete was very low at
design load plus impact.

2. The average deflection along a joint was very low at
design load plus impact—of the order Y
relative deflection was 0.012 in.

3. The average load required to produce a hairline flexural

crack was twice the design wheel load plus impact.

The results of this testing confirmed the results from testing
of MAR-309-09.42. It is emphasized that box culvert sections
conforming to ASTM C 789 for 3 ft of earth cover were tested
using C 850 live load conditions. Because none of the four
box culvert sections subjected to load exhibited a hairline
flexural crack at 20,800 Ib, it is concluded that a C 789 design
without shear plates is adequate for C 850 live-load conditions.
The hairline cracks that developed at twice the design load
plus impact virtually closed after the load was removed. This
indicated that the reinforcing steel had not yielded. Note that
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FIGURE 4 Arrangement of box culvert sections (Ohio DOT bridge PUT-109-02.67).

the average cracking load of 41,600 Ib is almost equal to the
ultimate design load of 45,140 Ib (calculated using AASHTO
load factors).

The deflection data from both MAR-309-09.42 and PUT-
109-02.67 indicated that on the average a moderate amount
of load is transferred across a joint between adjacent box
culvert sections even when shear connectors are not used. A
butyl rubber (ribbon) gasket was installed in each joint. It is
believed that this transfer is due primarily to friction in the
joint and the presence of the butyl rubber gasket. In many
instances the unloaded side of the joint deflected as much as
50 percent of the loaded side. This load transfer appeared to
be largely independent of whether the tongue end or the.
groove end was the loaded side of the joint. As might be:
suspected, the transfer resulting from friction was sensitive to
how tightly the joint was made.

The primary observations (at a wheel load of 20,800 1b)
from the investigations of CRA-19-17.10 were

1. The maximum strain in the concrete was very low both
with and without the asphalt pavement in place.

2. The average deflection along a joint was very low with-
out the pavement in place—of the order of 0.009 in. The
average relative deflection was 0.003 in.

3. The average deflection along a joint was very low with
the pavement in place—of the order of 0.013 in. The average
relative deflection was 0.006 in.

Additionally, no hairline cracking was observed in the box
culvert section subjected to a load of 30,350 Ib without the
pavement in place.

The results of this testing confirmed the results from testing
of MAR-309-09.42 and PUT-109-02.67. It is emphasized that
the box culvert sections for CRA-19-17.10 were redesigned
box culverts. The redesigned box culverts used for C 850 live
load conditions were very close to the C 789 design for 4 ft
of earth cover. Hence, for CRA-19-17.10, the ASTM C 789
design for 4 ft of earth cover was used for a redesigned C 850
box culvert. It should also be noted that the box culvert sec-
tions for CRA-19-17.10 had a 10-ft span by 6-ft rise with wall
thicknesses of 10 in.

A visual inspection of the box culvert sections for CRA-
19-17.10 performed 21 months after they were installed revealed
no signs of distress. Hence, the redesigned box culvert sections
appear to be performing satisfactorily.

For the three box culvert sizes indicated, % size scale models
were constructed and tested in a laboratory. These tests were
performed on individual sections with the load applied along an
edge. The measured strains on the concrete and deflections
along the loaded edge agreed well with those quantities mea-
sured in the field. The strain values resulting from the application
of the design wheel load plus impact on a scale model of the
12-ft by 6-ft box culvert are shown in Figure 7. The models
exhibited a hairline flexural crack in the upper slab at approx-
imately 2% times the scaled design wheel load plus impact.
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FIGURE 5 Details of redesigned 10-ft by 6-ft box culvert (Ohio DOT bridge CRA-19-
17.10).
CLOSURE be eliminated. The C 789 design for 4 ft of cover is recom-

Based on ihe [indings described in this paper, the Ghio DOT
no longer requires the use of shear connectors on box culvert
sections conforming to ASTM C 850. The Ohio DOT does
not enforce the AASHTO edge-beam requirement for slabs
with main reinforcing parallel to traffic in box culverts, even
though shear connectors are not used.

Based on the performance of box culvert sections at CRA-
19-17.10, it appears that the structural design of ASTM C 850
box culvert sections can be economized. In this study only
the steel reinforcement areas were changed. However, it is
also possible to reduce the wall thicknesses. This may be
undesirable because box culvert manufacturers would be
required to modify existing forms or to purchase new forms.

It is further concluded that the ASTM C 850 specification,
as well as the C 789 designs for less than 4 ft of cover, can

mended for these cases. For cover depths greater than 4 ft,
tiie C 789 desigus should be reevaluaied.

In the redesigned box culvert section for C 850 live load
conditions used in this study, the AASHTO distribution width
for a wheel load was not used. Accounting for the transfer of
load to adjacent sections by friction at a joint, a distribution
width somewhat larger than the AASHTO recommendation,
was used. Additional research should be undertaken to define
a more appropriate expression for distribution width for a
wheel load. In this redesign, a distribution width of 7.5 ft was
used. This width corresponded to the largest laying length for
these box culvert sections.

Note that the results and conclusions relative to MAR-309-
09.42 are in agreement with those of James (7), who concur-
rently and independently investigated C 850 box culverts.
Additionally, at least in Ohio, the authors’ recommendation



FIGURE 6 Arrangement of box culvert sections (Ohio DOT bridge CRA-19-17.10).
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(as well as that of James) regarding elimination of shear con-
nectors has been implemented. Furthermore, our investiga-
tions at all three sites satisfy his second recommendation of
field tests of box culverts installed without shear connectors.
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Optimum Geometric Shapes of Precast
Concrete Arch Structures of
24-, 30-, and 40-Ft Spans

PauL A. Rowekamp, JAMES J. HiLL, AND THEODOR KRAUTHAMMER

The results of a structural analysis of elliptical-shaped precast
concrete arch structures and circular-shaped arches being con-
sidered by the Minnesota Department of Transportation are
summarized in this paper. These arch structures were analyzed
to compare the effect of geometry on structural performance.
They were analyzed using the finite element method by placing
identical load conditions on each arch. Half of each arch was
modeled, based on symmetry, with no rotation allowed at the
arch crown. The effects of cracking, critical stresses, and dis-
placements were tabulated. Temperature stresses and shrink-
age of the concrete were also introduced into the shape com-
parisons. Conclusions are included which indicate the optimum
geometric shape and considerations for further analysis of dif-
ferent loading combinations.

The application of arch structures in transportation systems
is not new. Nevertheless, many aspects of the structures’
behavior are not well understood, and therefore studies are
being conducted by several researchers to enhance knowledge
in this area. In April 1987, an analytical study was initiated
to review the differences between an elliptical-shaped arch
and several proposed arches being developed by the Min-
nesota Department of Transportation (Mn/DOT). The cir-
cular shapes chosen have rise-span ratios of approximately
1:3 to 1:4 and radii less than 25 ft. The structures were com-
pared by subjecting finite element models of each arch to
identical loads and reviewing the resulting stresses and deflec-
tions. This study and its conclusions were based on a computer
analysis and did not include field testing. However, the results
of this study will be used as a basis for the development of
future field testing.

The arches vary in span from 24 to 44 ft and have vertical
openings from 8 to 14 ft high. They have a constant thickness
of 10 in. and support an HS20 loading. The circular shapes
were designed for use over small rivers or streams and were
not intended for traffic passage through the arch opening.
The arches are generally manufactured in 6-ft-wide panels
that are placed side by side to form the required roadway
width. The circular shapes are presently being designed, but
have not yet been built.

P. A. Rowekamp and J. J. Hill, Minnesota Department of Trans-
portation, Transportation Building, St. Paul, Minn. 55155. T. Krau-
thammer, Department of Civil and Mineral Engineering, University
of Minnesota, 500 Pillsbury Drive S.E., Minneapolis, Minn. 55455.

ARCH SHAPES

Included in this paper are the analyses of two different types
of 24- and 30-ft elliptical and circular arches (see Figures 1
and 2). The first type is labeled as an arch “without legs.”
For the 24-ft span the vertical opening for the arch without
legs is 8 ft high and for the 30-ft span the opening is 11 ft
high. The arches labeled “with legs” have exactly the same
geometric shape as the arches without legs except that a por-
tion has been added at the base to obtain a higher vertical
clearance.

In the case of the circular arches the added leg is actually
an extension of the curve that defines the arch shape. For the
elliptical arches the added leg is a vertical strut added at the
base. The added leg on the 24-ft elliptical arch increases
the vertical opening by 25 in. for a total opening of 10 ft. For
the 30-ft arches the leg increases the height by 28 in. for the
elliptical arch and 32 in. for the circular arch. This results in
a vertical height of 13 ft 8 in. for both structures.

The shape of each arch and geometric comparisons of the
structures are shown in Figures 1 and 2.

PROCEDURE

Ten different structures were analyzed using the finite element
method. The structures were modeled using a series of beam
elements connected end to end to form the geometric shape
of the arch. The actual element chosen to model the structures
was a two-node beam element that is one of the simplest
elements available for use with this method. Nodes or joints
are uscd to define the beginning and ending point of each
element (see Figure 3). After defining the material and section
properties of each element, a computer program combines
this information to form the stiffness matrix. Given the stiff-
ness matrix, the applied loads and the boundary conditions
of the structures, the deflections and stresses at each node
are calculated (7).

Two different computer programs were used: ADINA (2),
on the IBM 4341 mainframe computer at the Civil Engi-
neering Department of the University of Minnesota, and
STAAD3 (3), a commercially available program that was run
in house at MnDOT. Sample problems run by each program
resulted in nearly identical data output.

The thickness and material properties were identical for all
the arches. They were all analyzed using 4,000 Ib/in.2 concrete,
which has an elastic modulus of approximately 3605 kips/in.2
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24 FT. ARCHES WITHOUT LEGS

ELLIPTICAL SHAPE
CIRCULAR SHAPE

40 ¢T. ARCHES

,,,,,, ELLIPTIGAL SHAPE
CIRCULAR 5HAPE

30 FT. ARCHES WITHOUT LEeGS

- ELLIPTIGAL 5HAPE
CIRCULAR SHAPE

30 FT. ARCHES WITH LEGS

FIGURE 1 Arch profiles.

and a Poisson’s ratio of 0.2. All arches had a constant thick-
ness of 10 in. and a concrete density of 150 Ib/ft>. A 12-in.-
wide section was used to compute the cross-sectional area and
moment of inertia for each beam element. The 12-in. width
was also used for computing the dead weight of the arch and
the loads induced by the soil supported by the structure.

LOAD CONDITIONS

A total of eight different load cases were applied to the 24-
and 30-ft arches (see Figure 4). They included:

1. Two ft of soil over the entire structure (assumed soil
weight = 120 1b/ft*) plus a live load surcharge equivalent to
240 1b/ft2.

2. A layer of soil equal in height to half the radius of the
arch plus a live load surcharge equivalent to 240 Ib/ft?.

3. Sixteen in. of soil topped by an 8-in. concrete slab plus
a live load surcharge equivalent to 240 1b/ft2.

4. Two ft of soil plus a concentrated live load of 3,200
pounds (truck axle load of 32,000 pounds spread laterally over
10 ft) placed at the midspan of the arch. A second set of four
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load cases included the same vertical loads as previously
described plus a hydrostatic lateral load using an equivalent
soil weight of 30 Ib/ft? (see Figure 4). These lateral loads were
applied to the 24- and 30-ft arches but not to the 40-ft arches.
The arches were analyzed using both a fixed and a pinned
boundary condition at the base because the true base fixity
of each arch is unknown. It should be noted that the load
cases applied in this study are an attempt to model conditions
that will be encountered in the field. As with any analysis of
this type, there is a degree of uncertainty in approximating
actual field conditions. However, the load conditions applied
are the same for each type of arch and should give valid results
when used for comparison purposes.

MODELING TECHNIQUES

Because each arch is symmetric and all loads were applied in
a symmetrical fashion, only half the arch needed to be mod-
eled. However, an important boundary condition must be
defined before using this shortcut. Specifically, no rotation
can be allowed at the crown of the arch and this node must
be free to translate vertically and fixed laterally (sce Figure
3). The base of the arch is assumed to be fixed or pinned,
depending on the actual condition under consideration. For
the analysis of the arches in this study, each load case included
both the fixed and the pinned base condition.

EFFECT OF CRACKING

The stress at which concrete is assumed to crack in tension is
7.5V f. (4), or 474 1b/in.2 for 4,000 Ib/in.? concrete. Because
the exterior face of arches will be in contact with soil and the
interior face may be subjected to moisture from stream flow
or condensation, a primary design concern is to keep the
structure relatively free from cracking. Although all concrete
structures are subject to temperature and shrinkage cracking,
the main concern is to limit the tensile cracks caused by dead
and live loads and temperature effects. By limiting the crack-
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ing the chance for moisture to penetrate the concrete will be
reduced, which will limit reinforcement deterioration. Crack-
ing will also affect the flow of forces in the structure. Once
a portion of a concrete beam is considered a cracked section
it is not uncommon for the moment of inertia to decrease by
as much as 50 percent. Because the magnitude of the deflec-
tion is inversely proportional to the moment of inertia, the
deflections may increase substantially if the structure cracks
in areas where maximum deflections are likely to occur. The
shape of the moment diagram will also shift as a result of
cracking.

The analysis carried out in this study neglected the effect
of the steel reinforcement and considered the concrete to be
a linearly elastic, isotropic, and homogeneous material. This
assumption may be valid for an uncracked section but does
not hold true once the concrete cracks in tension. In reviewing
the results, there are many cases in which the tensile stresses
are in cxcess of the cracking limit and in some cases they are
over 2,000 Ib/in.?. Concrete tensile stresses cannot reach this
level but are included here as a means of comparison. If the
tabulated stress at a critical point in one arch is 2,000 Ib/in.?
and in another arch it is 800 Ib/in.?, the concrete will very
likely have cracked in both cases and the load will have been
transferred to the tension steel. Because the stresses shown
are often above cracking they are not likely to be the actual
stresses in the structure, but they do give an indication of the
relative stress levels for comparison purposes.

CRITICAL STRESSES

The final stresses included both axial and bending effects and
were computed using the equation P/A + Mc/l = final stress.
Generally there are three critical areas of each arch that should
be checked for maximum tension stresses. These include:

1. The inside face of the arch at the crown;

2. The outside face of the arch, about 45 percent up from
the bottom (approximately the eighth point of the arch span);
and

3. The stress at the base of the arch (for the arches with a
fixed base condition). Figure 4 shows the critical areas where
tension stresses are usually at a maximum.,

RESULTS

The shape of the moment diagram is fairly similar for all of
the load cases (depending on whether the base is fixed or
pinned) and for all the arches analyzed. The typical moment
diagram for the 30-ft circular arch is shown in Figure 4. As
expected, the areas of maximum moment coincide with the
locations of maximum tensile stresses. For the 40-ft arches,
the maximum moment generally occurs at the crown when
the ends of the arch are pinned or fixed. For the 24- and 30-
ft arches, the maximum moment occurs near the eighth point
of the span for the pinned case, and at the base for the fixed
case. A summary, listing the maximum tensile stresses for the
exterior face, the interior face, and the base of each arch is
provided in Tables 1-4. Load Case 3 produced applied loads
and resulting stresses similar to Load Case 2, hence the results
for these cases are not included in this paper.
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TABLE 1 MAXIMUM TENSION STRESSES, 40-FT ARCHES, VERTICAL

LOADS ONLY
STRESSES IN PSI
INTERIOR FACE EXTERIOR FACE BASE OF
(CROWN) (1/78 POINT) ARCH
Max imum Max imum Max imum
Stress Stress Stress
ELLIPTICAL
Load Case No. 1
Fixed Base Condition 327 213 289
Pinned Base 437 309 Q=
Load Case No. 2
Fixed 1240 951 1518
Pinned 1696 1464 =0~
Load Case No. 3
Fixed 340 229 308
Pinned 457 340 0=
Load Case No. 4
Fixed 655 285 367
Pinned 777 390 ==
CIRCULAR
Load Case No. 1
Fixed Base Condition =0~ =0~ =0=
Pinned Base —~0= s ==
Load Case No. 2
Fixed 21 26 434
Pinned 351 404 QY
Load Case Na. 3
Fixed -0- =0= =()e=
Pinned =) -0= -0-
Load Case No. 4
Fixed 243 —-0- -0-
Pinned 291 2 =0~

( —0- Indicates no tension )

A summary of the crown deflections and the effect of a 100
degree Farenheit temperature change are provided in Tables
5 and 6. The crown was chosen as a reference point for com-
parison because it is the area of maximum tensile stress for
the 40-ft arches. Other structures also exhibit high stresses in
this arca. It is also the location of maximum vertical deflec-
tion. Deflection data for the pinned base condition is provided
in Table 5. These results are approximately two times higher
than the results using a fixed base condition.

TEMPERATURE EFFECTS

Stresses resulting from changes in temperature have also been
analyzed. The resulting stresses and deflections for a tem-
perature change of 100 degrees Farenheit are included in
Table 6. A 100 degree range was used to allow for ease of
interpolation of actual temperature changes. An increase in
temperature will cause an upward deflection at the crown and
this in turn will cause tension stresses on the exterior (top)
side at the crown and compression on the interior (bottom)
side. A temperature decrease will cause opposite behavior.
A coefficient of thermal expansion of concrete equal to
0.000006 (5) was used for this analysis. The coefficient for
shrinkage is 0.0002, which is equal to a temperature drop of
33 degrees Fahrenheit. The effect of shrinkage and a tem-

perature drop of 30 degrees would be similar to a temperature
drop of 60 degrees. For a 60 degree temperature drop the
stresses and deflections induced would be 60 percent of those
listed in Table 6, and are quite substantial for all the arches.

The moments induced by temperature effects for the pinned
end case were zero at the base and reached a maximum at
the crown. For the fixed end case the maximum moment
occurred at the base, then the moment diagram changed sign
and reached a second critical point at the crown where the
magnitude was approximately 50 percent of the moment at
the base. The axial loads induced from temperature changes
were very small and were neglected when computing the ten-
sile stresses.

ANALYSIS OF 40-FT ARCH

As seen from Table 1, which summarizes the maximum stresses
and their locations, the maximum tension stress for the 40-ft
elliptical arch occurred at the underside of the crown of the
arch. For Load Cases 2 and 4, the stresses calculated in the
analysis far exceeded the cracking stress of 474 1b/in.?. For
Load Case 2 with pinned ends, the tension stresses on the
outside of the arch also exceeded cracking in an area about
45 percent up from the base of the arch (the eighth point of
the arch span). With the base fixed, the stress of 1,500 Ib/in.?



TABLE 2 MAXIMUM TENSION STRESSES, 30-FT' ARCHES, NO LEGS

STRESSES 1IN PSI

VERTICAL LOAD ONLY : VERTICAL AND LATERAL LOAD
INTERIOR EXTERIOR BASE H INTERIOR EXTERIOR BASKF
FACE FACE OF H FACFE FALE OF
(CROWN) (1/8 PT.) ARCH ! (CROWN) (1/8 PT.) ARCH
ELLIPIICAL H
Load Case 1 :
Fixed Base 243 313 992 H 169 220 685
Pinned Base 516 767 -0~ : 380 571 ~0~
Load Case 2 '
Fixed 628 727 1970 ! 481 560 15465
Pinned 1200 1622 )= H 948 1288 -0-
Load Case 4 H
Fixed 534 323 f10 H 460 240 673
Pinned 800 731 —0— ' &L64 536 -0-
CIRCULAR H
Load Case 1 H
Fixed Base 46 50 252 H -24 ~ 32 48
Pinned Base 157 227 == H 28 54 ~0=
load Case 2 H
Fixed 239 228 736 H 99 77 381
Pinned 516 629 -0— H 274 331 -0-
Load Case 4 H
Fixed 343 513 336 H 272 q1 132
Pinned 472 275 -0- H 343 107 =0~
{ "0~ Indicates no tension )

TABLE 3 MAXIMUM TENSION STRESSES, 30-FT ARCHES, WITH LEGS

STRESSES IN PSI

VERTICAL LOAD ONLY

VERTICAL AND LATERAL LOAD

INTERIOR EXTERIOR BASE H INTERIOR EXTERIOR BASE
FACE FACE OF ' FACE FACE OF
(CROWN) (1/8 PT.) ARCH H (CROWN) (1/8 PT.) ARCH
ELLIPTICAL H
Load Case 1 H
Fixed Base 438 571 1300 H 316 415 Q17
Pinned Base 812 1162 -0- H 590 839 ~0—
Load Case 2 H
Fixed 1026 1213 2653 H 802 948 2033
Pinned 1772 2344 )~ H 1392 1824 =0~
Load Case 4 '
Fixed 719 543 1223 H 597 390 839
Pinned 1068 1065 == H 846 746 =y
C1RCULAR H
Load Case 1 H
Fixed Base 159 192 623 H 32 41 249
Pinned Base 376 535 =0~ H 143 220 ==
Load Case 2 H
Fixed 499 520 1437 H 265 263 B31
Pinned 976 1210 -0— H 5969 701 =0~
Load Case 4 '
Fixed 4462 225 b46 H 335 a1 272
Pinned 681 530 -0- H 448 217 =)=

( -0- Indicates

no tension

)
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TABLE 4 MAXIMUM TENSION STRESSES, 24-FT ARCHES, NO LEGS

S5TRESSLS IN PSI

VERTICAL LOAD ONLY

VERTICAL AND II«\-HHAL LOAD

INTERIOR EXTERIOR BASLE INTERIDR EXTERIUR BASE
FACE FACE oF FACE FACE OF
(CROWN) (1/8 PT.) ARCH H (CROWN) (1/8 PT.) ARCH
ELLTPTICAL H
l.oad Case 1 H
Fixed Base 141 184 566 H 110 147 470
Pinned Base 313 502 —-0- ' 297 423 =0~
H
Load Case 2 H
Fixed 308 372 1079 H 247 306 915
Pinned &30 238 =0~ H 526 804 -0~
.
Load Case 4 H
Fixed 393 220 618 : 362 183 522
Pinned 975 513 — 0= H 519 434 e Vi
.
CIRCULAR H
Load Case 1 H
Fixed Base 10 -0~ 76 H -0~ == =)=
Pinned Base 63 78 -0- H &6 2] ==
Load Case 2 H
Fixed 77 51 243 H 1% == 95
Pinned 196 222 -0- ' 92 ?& -0-
.
Load Case 4 H
Fixed 255 &9 182 ' 223 39 95
Pinned 334 153 =0~ H 277 85 =

( —0- Indicates no tensian )

was more than three times higher than the stresses in the
circular arch. The 40-ft circular arch also exhibited a maximum
stress in the area at the underside of the crown, However,
the stresses did not exceed 500 Ib/in.? for any of the four Load
Cases. It is also important to note that for Load Cases 1 and
3 the entire arch remained in compression. For the fixed base
condition, only one of the four load cases caused tensile stress
at the base; Load Case 2 produced a stress of 434 Ib/in.?.

The maximum deflections for both shapes occurred under
Loading 2. With hinged ends, a deflection of 0.72 in. down-
ward occurred for the elliptical shape, with 0.26 in. for the
circular shape (see Table 5).

In summary, the stress and deflection data for the 40-ft
arches show results that would favor use of the circular arch
shape over that of the elliptical shape. After reviewing the
geometric profile in Figure 1, it becomes evident why the
results turned out as they did. The elliptical arch has a notice-
able flat spot near the crown and rises up at a steeper slope
from the base than the circular arch. The result was that at
the crown the elliptical and circular arches had nearly identical
axial loads. The crown moments in the elliptical arch, how-
ever, were at least two times higher than they were in the
circular, These high moments were induced by the flattening
out of the arch and result in high tensile stresses at the under-
side of the crown.

ANALYSIS OF 30-FT ARCH WITHOUT LEGS

Unlike the 40-ft arches, for Load Cases 1 to 3, the 30-ft arches
did not produce a maximum tensile stress at the underside of

the crown. For the fixed base condition, the maximum tensile
stress occurred at the inside face of the arch at the base and
under vertical load, but the magnitude was nearly twice the
cracking stress. For the pinned base condition, the maximum
stress occurred at the eighth point of the arch span. For the
clliptical shape, the tensile stress at this point was approxi-
mately 20 percent lower than it was at the base. Under both
vertical and lateral load, the tensile stress at the base dropped
by 300 Ib/in.? but was still nearly 50 percent higher than the
cracking stress.

As cxpected, the addition of lateral load decreased the
magnitude of the tensile stresses. However, for the 30-ft ellip-
tical arch without legs, all four load cases still produced tensile
stresses above 500 1b/in.? when lateral loads were included in
the analysis. Thus all 8 of the load cases (see Figure 4) applied
to the elliptical shape induced stresses that exceed the cracking
stress. The 30-[t circular arch without legs performed quite
well under seven of the eight load conditions applied in this
study. The stresses were usually well below the cracking stress
and the deflections were quite small. However, Load Case 2,
with vertical load only, did produce tensile stresses above 500
Ib/in.? for the fixed and the pinned base condition, but these
stresses were still two to four times less than those produced
by the same load case on the elliptical arch.

The 30-ft circular arch without legs produced maximum
moments at the same locations as those of the 30-ft elliptical
arch without legs. For the fixed base condition the maximum
moment usually occurred at the base and for the pinned base
condition the maximum moment usually occurred near the
eighth point of the arch span. The major difference between
the two arch structure types was the magnitude of the max-
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TABLE 5 SUMMARY OF DEFLECTIONS AT CROWN OF ARCHES, PINNED BASE CONDITION

Deflections in inches

VERTICAL L.OADS ONLY

VERTICAL AND LATERAL LODADS

ARCH TYPES LOAD CASE LOAD CASE LOAD CASE | LOAD CASE LOAD CASE LOAD CASE
NO. 1 NO. 2 NO. 4 ' NO. 1 NO. 2 NO. 4
24 FOOT ARCHES i
XELLIPTICAL H
WITHOUT LEGS -0.09 -0.16 —-0-10 H =0 .07 -0.14 ~0.09
¥CIRCULAR H
WITHOUT LEGS -0.02 =003 -0.04 H -0.02 -0.04 -0.03
30 FOOT ARCHES H
XELLIPTICAL '
WITH LEGS -0.38 =079 -0.38 H =022 -0.64 -0.29
WITHOUT LEGS -0.21 -0.46 -0.20 H 017 ~@i58 ~0.18
$*CIRCULAR H
WITH LEGS ~0.16 =087 -0.18 H -0.09 —0. 24 =0 11
WITHOUT LEGS -0.07 -0.17 -0.09 H -0.04 -0.12 -0.06
40 FOOT ARCHES H
XELLIPTICAL H
WITHOUT LEGS -0.19 —0..72 =@ . Z5 H The 40 foot arches were
H not analyzed for vertical
XCIRCULAR H plus lateral load.
WITHOUT LEGS -0.03 =0:26 -0.08 H

() Downward Deflection

imum moments. At the base the axial load in the circular arch
was approximately 15 percent higher than it was for the ellip-
tical arch, but the moments in the elliptical arch were from
two to five times greater than those in the circular arch. At
the eighth point the axial load in the elliptical arch was vir-
tually identical to the circular arch, but the elliptical arch
exhibited bending moments that were from two to four times
greater than they were for the circular arch. At the crown,
the circular arch had a slightly higher axial load when com-
pared with the elliptical arch. However, the bending moment
produced in the elliptical arch was higher than that of the
circular arch.

In summary, the results show that the circular structure acts
more like a true arch, with high axial load and low bending
moment, when compared with the elliptical shape, which has
relatively equal axial load but higher bending stresses.

ANALYSIS OF 30-FT ARCH WITH LEGS

The addition of a leg to the 30-ft arches caused the tensile
stresses Lo increase by about 30 percent for the elliptical shape
and nearly a 100 percent increase for the circular shape when
compared to the arches without legs (see Table 3).

When only vertical loads were applied, all four of the load
cases analyzed caused tensile stresses to exceed the cracking
level in both the circular and elliptical arch. This occurred for
both the fixed and pinned base condition. However, it should
be noted that the tensile stresses in the elliptical shape were
approximately twice as high as those of the circular shape.

When vertical and lateral loads were applied, only one of
the load cases produced stresses greater than 500 Ib/in.? in
the circular shape. All four of the load cases resulted in stresses

higher than the cracking stress for the elliptical shape, where
the tensile stresses were anywhere from 1.5 to 4 times higher
than those of the circular arch.

The location on the arch where the maximum tensile stresses
occurred changed very little for the arch with legs as compared
with the arch without legs. For the fixed base condition the
maximum stresses generally occurred at the base of the arch.
For the pinned condition the maximum stresses occurred near
the eighth point of the span. More precisely, for the arch
without legs and a pinned base the maximum moment and
maximum tensile stress occurred at a point approximately 57
in. up vertically from the base. For the fixed base condition
the maximum tensile stress on the exterior face occurred at
a point approximately 72 in. up vertically from the base. This
maximum stress occurs at a higher point for the fixed base
condition because the moment curve changes sign in moving
up from the base to this point of high stress. In the case of a
pinned base the moment is zero at the base and the curve
does not change sign before reaching this critical stress point
(see Figure 4).

The addition of the vertical leg to the arches caused the
crown deflection to nearly double for both shapes. The max-
imum deflection recorded for the circular arch was 0.37 in.
downward compared to (.79 in. for the elliptical.

If a preferred shape must be chosen the circular arch is
favored over the elliptical shape for the case of a 30-ft arch
with legs. The circular shape produced tensile stresses and
deflections that were consistently lower than the elliptical
shape. However, it is important to point out that although
the circular shape did produce lower stresses, these stresses
still exceeded 500 Ib/in.? for Load Cases 1 to 4 without lateral
load. When the previously defined lateral load was applied
to the circular arch the stresses fell to less than the cracking
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TABLE 6 SUMMARY OF TEMPERATURE EFFECTS

100 DEGREE TEMPERATURE CHANGE
TENSILE STRESSES AND DEFLECTIONS

Stresses in PSI, Deflections in inches
ARCH TYPES CROWN TENSILE TENSILE
DEFLECTION STRESS STRESS
AT BASE AT CROWN

24 FDOT_ ARCHES

*ELLIPTICAL

WITH LEGS HINGED +/— 0.14 No Tension +/- 110
FIXED +/—- 0.18 +/— 435 *+/~ 2195

WITHOUT LEGS HINGED +/- 0.15 No Tension +/~ 148
FIXED +/- 0.19 /=612 +/— 294

XCIRCULAR

WITHOUT LEGS HINGED #f~= Qu 19 No Tension +/— 166
FIXED +/—- 0.18B +/— 603 +/- 324

30 FOOT ARCHES

XELLIPTICAL

WITH LEGS HINGED +/- 0.18 No Tension */= 79
FIXED +/= 0.21 +f—= 292 +/— 152

WITHOUT LEGS HINGED +/—- 0.18 No Tension +/= 103
FIXED +/—- 0.22 +/— 403 +/= 203

*CIRCULAR

WITH LEGS HINGED +/- 0.19 No Tension +/— 88
FIXED +/= 0.22 +/- 303 +/- 169

WITHOUT LEGS HINGED +/- 0,19 No Tension */— LY
FIXED +/- 0.22 +/— 420 +/— 229

40 FOOT_ ARCHES

$ELLIPTICAL

WITHOUT LEGS HINGED +/= 0.29 No Tension +/- 137
FIXED +/— 0.35 +/—- 9591 +/- 261

¥CIRCULAR

WITHOUT LEGS HINGED +/—= Q.28 No Tension +/—- 139
FIXED +/—- 0.34 +/i= 316 +/=- 273

(=) Downward Deflection

level for all but one load case (R/2 soil cover, Load Case 2).
Hence, unless the designer is assured the field conditions will
provide a substantial amount of lateral load, the 30-[t arches
with legs should be considered very carefully before selection.

Perhaps a more suitable method of acquiring the extra
headroom would be to build a short abutment wall that would
support the arch. A properly designed wall could provide a
base that would not affect the structural integrity of the arch
but still allow the required additional vertical clearance. Extra
height required for clearance may also be achieved by chang-
ing the height of the abutment. If the taller arch section is
used, the amount of fill placed above the arch should be
limited.

ANALYSIS OF 24-FT ARCH WITHOUT LEGS

The areas of critical tension stress for the 24-ft elliptical arch
without legs were the same as those of the 30-ft elliptical arch
for the eight loading cases analyzed here. One major differ-
ence between the 24- and 30-ft elliptical arches was the mag-
nitude of the stresses. The 24-ft elliptical arches had a max-

imum stress 33 percent less than those of the 30-ft elliptical
arches. However, for the fixed base condition, the tension
stresses at the base were equal to or exceeded the cracking
stress for all eight load cases and for Load Case 2 they were
nearly two times the cracking stress. For the pinned end con-
dition, the stresses at the eighth point of the span exceeded
the cracking level for all four load cases for vertical loads
only, and were less than 500 Ib/in.? for two of four load cases
when lateral load was included. A maximum deflection of
0.16 in. was recorded for Load Case 2 with pinned ends.
Deflections for the other load cases were less than or equal
to (.14 in., which is negligible for a 24-ft span.

Of all the arches analyzed in this study, the 24-ft circular
arch exhibited the best all around structural performance. The
highest tension stress was 40 percent less than the theoretical
cracking stress, and in most instances was less than 100 1b/
in.? (see Table 4). The deflections for this structure were also
small.

In summary, a comparison of the 24-ft elliptical arch with-
out legs and the circular arch without legs yielded a result
identical to the 40- and 30-ft arches; the circular arch had
much lower tension stresses and deflections and performed
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better than the elliptical shape for the load cases presented
here. It seems that the cause for the higher tension stresses
in the elliptical shape was the result of the flatter crown geom-
etry and sharper change in slope along the arch. At the eighth
point the elliptical shape developed a moment 3.5 to 5.5 times
higher than the circular arch, whereas axial loads were vir-
tually identical. At the crown, the elliptical shape developed
a moment two to four times higher than the circular shape,
whereas the circular arch had an axial load only 15 percent
higher.

ANALYSIS OF 24-FT ELLIPTICAL SHAPE WITH
LEGS

The 24-ft elliptical arch with legs has a vertical opening of 10
ft and in this study is noted as a “24-ft elliptical arch with
legs.” Its shape was derived by adding 24-in. vertical legs to
the standard 24-ft elliptical shape. The proposed 24-ft circular
arch does not have an added leg and thus has a vertical open-
ing 2-ft shorter than that of the elliptical arch with legs.

For the elliptical shape with legs, the stresses were above
the cracking stress for all eight load cases, although they did
drop approximately 25 percent when lateral load was added.
The tensile stresses at the base were nearly 10 percent higher
than those at the eighth point and the deflections were about
twice as high as those of the elliptical arch without legs.

Like the 30-ft arches, the preferred method of achieving
the extra vertical clearance may be to add a short abutment
wall.

CONCLUSIONS AND RECOMMENDATIONS

After reviewing the results of the 24-, 30-, and 40-ft arch data,
it is evident that circular arch geometry is preferred over
elliptical shapes for the load combinations presented here.
The tensile stresses and deflections developed by the circular
arches were consistently lower than those of the elliptical
shape.

As discussed earlier, the main reason for the difference is
related to the geometric shape. A comparison of the 24- and
30-ft shapes, with the crown elevation of each arch being
nearly equal, is shown in Figures 1 and 2. This allows for
comparison of the curved portions of each arch, showing that
the elliptical arch has a steeper slope at the base and is flatter
near the crown. A review of the 40-ft arches in Figure 1 shows
similar characteristics, including a pronounced flat area at the
crown of the elliptical shape.

It should be pointed out, however, that the elliptical shape
may prove more effective than a circular shape for other
criteria or load cases that were not analyzed by the authors.

The results also show that temperature changes can cause
large tensile stresses that cannot be ignored in the design.
The present American Association of State Highway and
Transportation Officials” code requires similar structures to
be analyzed for the effects of a 35 degree temperature rise
and a 45 degree temperature fall.

Another important topic that was not investigated in this
report is the effect of lateral translation of the footings. In
most instances, the thrust from the arch will react on the
footing at an angle that may cause outward lateral movement
of the footing. If the footings are allowed to translate outward,
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the tensile stresses at the underside of the crown will greatly
increase, The lateral translation can be significantly reduced
by using a pile foundation or by anchoring the footings into
bedrock.

As mentioned earlier in this paper, the accuracy in ideal-
izing actual field conditions by means of a computer model
cannot be easily verified. However, in field measurements of
clliptical arch structures the footing translations have been
quite low. The effects of soil structure interaction, footing
movement, and soil arching are all unknowns that enter the
analysis. The only way to validate the effectiveness of the load
distributions chosen is to experimentally test small- or full-
scale models of each arch. Such testing will provide actual
interface pressures, stresses, and deflections and give an indi-
cation of the effects of soil structure interaction. However,
even though the load distributions and material properties
used in this study may not exactly match the actual field
conditions, they do provide a good basis for comparing arch
geometry and the effects of vertical loads.

Mn/DOT is presently working to fine tune its final selection
of arch shapes. This work has included an analysis to optimize
the risc-span ratio for each circular shape and computing the
effects of moving HS20 live loads over arches with shallow
fills. Future work will include the effects of construction load-
ing and the monitoring of full-scale arches to compare the
analytical results with actual field data.
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DISCUSSION

NEAL FITZSIMONS
10408 Montgomery Avenue, Kensington, Md. 20895.

For the practicing engineer, governmental or private, this
paper can be too easily misinterpreted. The authors seem to
say that field observations of cracking in the soffit of a few
arch elements of one or two bridges created great concern for
their durability and that this study was undertaken to under-
stand why the cracks occurred and to provide the basis for
new geometries that do not have this problem. Several pages
of detailed computer printout of maximum tension stresses
are provided that show the reader that in a circular geometry
the maximum face stresses are less than those in the elliptical
geometry for a series of eight static load cases, all of which
have an overfill of only 2 ft. From this highly theoretical set
of results, the authors seem to imply that a circular arch would
be more durable than an elliptical arch.

It is implicitly assumed in this paper that the soffit cracks
(in an arch element of an elliptical bridge) that appear to be
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the original cause for concern [see Bathe (Z) in the paper]
are causcd by tension stresses induced by static loading, not
by other causes such as craning during construction or improper
backfilling procedures. This is despite the fact that dozens of
bridges (involving hundreds of arch elements) built to iden-
tical specifications in Australia, Europe, and the United States,
are visually crack free. Some of these structures are more
than 20 years old. In only one case (other than in Minnesota),
soffit cracks in a single arch element very probably caused by
craning were observed by inspectors and judged to warrant
additional monitoring. Although still under observation, there
appears to be little liketihood that the durability of the struc-
ture has been compromised.

There also seems to be an implicit assumption in the paper
that cracks are to be avoided as a “primary design concern,”
even those that are less than 0.01 in. in width, which is a
widely accepted standard for permissible widths without com-
promising durability. The ideal of visually crack-free concrete
is desirable, but practitioners generally accept that crack con-
trol is a reasonable strategy for producing durable structures.

Because the parabola is widely recognized as the ideal
geometry for a uniformly arch structure in terms of tension-
free stresses, it is strange that this was not studied rather than
circular segments. There is no rationale presented for the
selection of the circular section, nor is the parabola even
mentioned. In his 1937 book on continuous structures and
arches, Charles Spofford writes “‘Segmental arches are seldom
used for bridges, but inasmuch as they are susceptible, if of
uniform cross section, to precise analysis, they are treated
fully in Chapter VI.” Of course, the reason for the elliptical
section is that it has hydraulic characteristics more desirable
than the circular or the parabolic arch. Because the primary
design concern is the passage of water under the arch (other-
wise there would be no need for the structure), the elliptical
geometry has been used for centuries for this purpose.

There are some theoretical questions about this paper. Why
was an approximate method such as finite element method
(FEM) compared with the “precise” elastic analysis? What
were the “‘errors of closure” in the authors’ FEM calculations?
I have made more than a few FEM analyses of arches and
found that they are sensitive to the number of nodes and that
for the spans studied, 50 or more elements were needed to
keep the errors of closure within acceptable limits. Also, in
one case, the authors used the same number of nodes, 42,
for the elliptical geometry as they used for the circular geom-
etry. Because the length of the elliptical arch is greater, this
calculation would have a greater error of closure than would
the circular.

Neglected in this study is the effect of steel reinforcement
and it therefore does not use an interaction diagram to deter-
mine stresses at the interior and exterior surfaces. The effect
this has on the results is not discussed by the authors. Of
course, it is the reinforcement that “liberated” concrete arch
bridge design from being a mere copy of the stone arches.
Being able to accept some moment-induced tensile stress with-
out significant cracking is the reason that reinforced concrete
arch bridges can be designed with geometries that enable the
structure to perform its primary function more efficiently.

Instead of using a “tire print” and distributing the wheel
load longitudinally, the study uses a load wedge of 3,200 Ib.
This is unnecessarily unrealistic. Further, the study indicated
that the arch elements were 6 ft wide, therefore only one
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wheel on an arch element would give its maximum load. How-
ever, a given wheel load is 16,000 1b, which divided by 6 would
give a load of 2,667 Ib rather than the 3,200 Ib that assumes
a 10-ft lane. Also, a moving wheel load would produce only
transitory crack openings, giving water little chance to pen-
etrate upward into the soffit.

In the conclusion, the authors write ‘““This allows for com-
parison of the curved portions of each arch showing that the
elliptical arch has a steeper slope at the base and is flatter
near the crown.” Of course it is! This is the basic difference
that makes the elliptical arch preferable to the circular arch
for strcam crossings.

In summary, although this paper provides some interesting
results from applying a highly theoretical set of conditions to
a highly theoretical set of arches using FEM, it does not
provide a practical basis for selecting arch geometries in real-
world situations. Despite technical caveats that are scattered
through the paper, readers who are not familiar with short-
span arches might receive the erroneous impression that ellip-
tical sections should be avoided in favor of circular segments
solely because they are theoretically less durable.

AUTHORS’ CLOSURE

The authors would like to thank FitzSimons for his discussion
comments. His design work for the manufacturer of elliptical
arches has no doubt given him a good background in the
design and analysis of such structures.

However the authors would like to clear up several apparent
misunderstandings brought forth in the discussion. In the first
paragraph, FitzSimons states that all eight load cases had
overfill depths of only 2 ft. As shown in Figure 4 of the paper
and described in the text, Load Cases 2 and 6 had overfill
depths in excess of 12 ft.

The authors were also surprised that the discussion included
comments concerning durability. The purpose of the study
was to compare the effects of arch geometry on the anticipated
state of stress. The issue of durability has not been investi-
gated.

Several other comments in the discussion address crack
control and the authors’ primary design concern to limit crack-
ing. One particular sentence in the discussion noted that the
authors limited cracks, “even those that are less than 0.01 in.
in width.” In the report the authors actually write ‘“‘a primary
design concern is to keep the structure relatively free from
cracking.” They go on to say that “Although all concrete
structures are subject to femperature and shrinkage cracking,
the main concern is to limit the tensile cracks caused by dead
and live loads and temperature effects.” There is no reference
made to not allowing cracks of width less than 0.01 in. or of
cracking causing the durability to be compromised.

FitzSimons also poses the question of why a circular shape
was used instead of a parabolic shape, which produces a ten-
sion-free structure under uniform load. This question is
answered by examining an arch with 2 ft of fill at the crown.
This results in fill heights of from 8 to 13 ft at the base,
depending on the span of the arch. Because of this difference
in soil depth, the loads at the base may be from 4 to 6 times
higher than the load at the crown, producing a load diagram
that is far from uniform and diminishing any advantage of
using a parabolic shape.



Rowekamp et al.

Arches that have higher curvatures will tend to be in more
of a compressive mode than will arches with lower curvatures.
A circular shape seems to be an optimum choice between
the two groups and was therefore considered in this study.
Nevertheless, designers may wish to consider other shapes
for particular projects after a careful investigation of their
performance.

The discussion also recommends using at least 50 beam
elements to model the entire structure and questions the authors’
decision in one particular case to use 42 clements to model
both the elliptical and circular shape. However, further inves-
tigation reveals that the sum of the element lengths for each
arch differs by less than '2 of 1 percent for that particular set
of arches. Because symmetry was used in the modeling, the
shapes were analyzed using 42 elements for half of the arch,
which is equivalent to using 84 elements to model the full
arch. This is far in excess of the recommended 50 and the
very small difference in structure length will produce negli-
gible closure error.

Concerning an elastic analysis, there is no real justification
to use an elastic analysis for studying the behavior of rein-
forced concrete structures beyond the inception of cracking.
From that point on this structural behavior enters the non-
linear domain and an approximate analytical method is required.

Steel reinforcement was not included explicitly in the anal-
ysis because the major advantage of arch structures is in resist-
ing load through compressive action. The contribution of steel,
although important, is a secondary parameter under these
conditions. If flexure is taken into consideration, the overall
depth of the cross section becomes significantly more impor-
tant. Increasing the amount of steel has a small effect on the
moment of inertia compared with increasing the depth of the
cross section. The selection of reinforcement was carried out
using conventional techniques, and this has been done in a
later phase of the present study.
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With regard to the choice of loads, as discussed in the paper,
the same loads were consistently applied to each shape and
the relative behavior was compared accordingly. As far as
transient loads are concerned, dynamic analysis of these sys-
tems has not been performed during this phase of the study.
It is known that dynamic loads may affect such structures well
beyond “transitory crack openings” and it is recommended
that such considerations be addressed in the future.

The later part of the discussion highlights the fact that the
elliptical shape provides greater area for the flow of water
through the opening. Of the structures analyzed in this study,
the elliptical shape allowed from 2 to 9 percent more flow. If
the required flow area becomes a critical design requirement,
the elliptical shape would prove more effective than the cir-
cular shape. However, the authors believe that the results of
this study show that if a slight reduction in flow area can be
permitted, a circular arch shape could be used which, for the
load cases analyzed herein, should produce smaller tensile
stresses within the structure.

Additional research is needed to address questions related
to the ultimate behavior of the structures, soil structure inter-
action, and dynamic effects. It is also worth noting that in
1987 the California Department of Transportation was granted
$600,000 to study arch structures and soil structure interac-
tion. They are currently in the process of finalizing the design
of these structures, using circular shapes with thicknesses of
less than 10 in.

Again the authors would like to thank FitzSimons for his
comments. They hope that the discussion and response clarify
the issues with respect to the study. The authors would be
happy to provide any further information upon request.

Publication of this paper sponsored by Committee on Culverts and
Hydraulic Structures.
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Design of Thin Wall Reinforced Concrete
Semicircular Arch Using Dimension Ratio

A. E. BacHER, D. E. KIRKLAND, AND M. SEYED

The recent completion of a California Department of Trans-
portation construction evaluated precast thin wall reinforced
concerete (semicircular) arch at San Martinez Grande affirmed
the application of the dimension ratio design concept to rein-
forced concrete semicircular arch design. The recent culvert
research was further supported by the complete and compre-
hensive California Department of Transportation reinforced
concrete arch culvert research previously reported at Posey
Canyon and Cedar Creek. The observed vertical and horizon-
tal pressures observed at Posey Canyon and Cedar Creck are
consistent with the application of the dimension ratio concept
to reinforced concrete arch design. A significant reduction can
be made in the wall thickness of reinforced concrete semicir-
cular arch designs, resulting in substantial future savings.

The California Department of Transportation’s (Caltrans)
extensive culvert research program included three reinforced
concrete (RC) horseshoe arches: San Luis Reservoir, Posey
Canyon, and Cedar Creek; and, most recently, one construc-
tion evaluated RC semicircular arch, San Martinez Grande,
completed in January 1987. Application of the dimension ratio
(DR) concept to a RC semicircular arch design is considered
to be most logical, and follows the recent successful DR appli-
cation by Caltrans to circular RC pipe design (7). DR is defined
as the diameter in inches divided by the wall thickness in
inches.

The first consideration in the development of the DR con-
cept application to a semicircular arch is the summary of the
RCarchculvertresearch by Caltrans (2). Thissummary includes
the complete and comprehensive research of two horseshoe
arches (see Figure 1). It is apparent that the research at
Posey Canyon and Cedar Creek are in the rigid range, with
DRs ranging between 4.8 and 11.0, whereas San Martinez
Grande is in the flexible range, with a DR of 30.0. These
initial projected ranges are based on California’s extensive
culvert research program.

OBSERVED DR: LATERAL PRESSURES ON POSEY
CANYON AND CEDAR CREEK

The observed lateral pressures have been plotted (see Figure
2), taken at about 30 degrees from the base line of the horse-
shoe arch configuration. The initial projected range of load-
ings is shown as Loading 1 and Loading 2. The two lateral

Department of Transportation, Division of Structures, P. O. Box
942874, Sacramento, Calif. 94274-0001.

loadings of RC arches provide an envelope that contains most
of the observed readings.

Of particular interest is the fact that at Section 2 of Posey
Canyon (Figure 3) the lateral pressure readings were observed
to increase from 26 to 118 Ib/ft® and from 24 to 136 Ib/ft*, and
at Section 3 from 24 to 101 1b/ft> on the right flank (Figure
4) in the 26 months following fill completion. A similar
increase was observed on the right flank of Section 10 of Cedar
Creek (Figure 5), thatis, from 117 to 182 1b/ft>. Atthe following
sections, however, the initial and final lateral pressure read-
ings were virtually the same, that is, at Section 1 of Posey
Canyon, 50 1b/ft> versus 42 Ib/ft3; at Section 7 of Posey Canyon
the change was from 26 to 22 Ib/ft*> and from 84 to 82 1b/ft3;
and at Station 4 of Cedar Creek the readings varied from 126
to 119 Ib/ft* and from 180 to 173 1b/ft>. In effect, little change
was noted from the initial readings but with lateral pressure
ratios varying from 0.2 to 0.6 to 1.3 of the vertical pressure
(Figures 6, 7, and 8). Therefore, when the DR is less than
12, the necessity of providing a design for a horseshoe RC
arch that must satisfy a range in lateral loadings was amply
supported by the RC arch culvert research. Further, of the
six test sections using Method A backfill, 80 percent of the
26-month readings exceeded 42 1b/ft> and 45 percent exceeded
100 1b/ft3. Method A backfill is a minimum of 2-ft structure
backfill compacted to 95 percent surrounding the RC arch
barrel.

Method A backfill conformed to the following grading:

Sieve Sizes Percentage Passing
3 ft 100

No. 4 35-100

No. 30 20-100

Method A backfill required a sand equivalent value of not
less than 20.

SAN MARTINEZ GRANDE CONSTRUCTION

The next consideration is the construction of San Martinez
Grande and the subsequent H20 live load test.

The intent of a precast design is to use the plant facilities
of a nearby concrete precast fabrication facility. This will
result in better control of the precast units and higher allow-
able concrete stresses. However, because only three precast
units were required at this site, the contractor, Granite Con-
struction Company, chose to build the precast units at the job
site. The inner form with the reinforcement being placed around
the periphery are shown in Figure 9. A picture of a completed
panel being lifted and subsequently placed is shown in Figure
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FIGURE 9 San Martinez Grande: bar reinforcing placement
in precast form.

10. The existing structure is shown in Figure 11, with the
three precast units placed adjacent to the original structure.
To ensure independent deformation readings, the center pre-
cast unit was placed between the two other precast units with
no physical ties to either of them, Peripheral change meas-
urements were made in the center of this center panel. Two
sheets of metal were placed over the interfaced precast units
(Figure 12) to prevent soil from coming through the joints.
Because the space between the original and the widened struc-
ture was minimal, portable tampers were used to consolidate
the soil (Figure 13).

SAN MARTINEZ GRANDE: STATIC LIVE LOAD TEST

The live load test was made with a Caltrans maintenance
vehicle (Figure 14). The live load test was of a static load
only (Figure 15) (3).

FIGURE 10 San Martinez Grande: lifting precast unit.



Bacher et al.

FIGURE 11 San Martinez Grande: three precast units in
place.

SAN MARTINEZ GRANDE: MEASURED PERIPHERAL
SHAPE CHANGES

Deformation of the 20-ft semicircular arch was observed dur-
ing the backfilling stages (Figure 16). Of interest is the
fact that the magnitude of these peripheral shape changes
during construction was only a maximum of ¥ in. The defor-
mation resulting from a static live load was also observed
(Figure 17). The largest live load deformation was only %
in. This confirms previous research that the thin wall semi-
circular arch design is adequate (4) and that a long-term serv-
ice life of 50 years for RC culverts can be anticipated (5), By
contrast, the original semicircular arch had a variable thick-
ness of 18 to 13 in. compared with the precast arch uniform
thickness of 8 in.

FIGURE 12 San Martinez Grande: backfilling precast units.

RC ARCH CRITICAL LOADING CONDITIONS

A comparison has been made of the applicability of the two
specified Caltrans design loadings with both the horseshoe
and semicircular shaped arches (Figures 18 and 19). The
moments shown are for an 8-ft RC (horseshoe) arch, with
fixed footings and 20 ft of overfill and a 20-ft RC (semicircular)
arch, with pinned footings and 20 ft of overfill. It is of interest
to note that the optimum loading for the horseshoe arch is
Loading 1, 140:42, whereas the optimum loading for the sem-
icircular arch is Loading 2, 140:140. The semicircular arch
thin wall moments for Loading 1, 140:42, are theoretical only
because the thin wall will deform, reducing the moment, with
thrust becoming the significant design consideration.

FIGURE 13 San Martinez Grande: compaction with portable tampers.
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FIGURE 14 San Martinez Grande: H20 truck.

FIGURE 15 Static live load test.

COST SAVINGS

A cost comparison was made between the original design at
San Martinez Grande and the thin wall design widening for
the 20-ft RC semicircular arch. Based on the bid prices at San
Martinez Grande, a 100-ft long 20-ft RC semicircular arch
would cost approximately the same as the original design (4).
This design concept, however, will result in future significant
savings for semicircular arches from 10 to 30 ft in diameter
for longer installations and where construction staging is
required and will eventually lead to the use by Caltrans of
precast segmented three-hinged RC arches up to 60 ft in diam-
eter (6).

STANDARD PLAN: PRECAST REINFORCED
CONCRETE SEMICIRCULAR ARCH

A standard drawing is being developed by Caltrans for trial
use for precast RC semicircular arches with diameters ranging
from 10 to 30 ft. The bedding and backfill will conform with
the details shown in Figure 20. Allowable footing foundation
pressures will be determined by a soils investigation and must
be adequate to support the design pressures; a 2-ft layer of
structure backfill compacted to 95 will be placed around the
semicircular arch periphery. Designs will be provided for 10
ft and 20 ft of overfill.
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FIGURE 16 Backfilling deformations.
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FIGURE 17 Live load deformations.

”[’)” Fixed ends m MOMENTS

- 140 pef 8' RC (HORSESHOE) ARCH

wws)
2w/ \§ 1opE/ \H 20' OVERFILL

Loading | Loading 2

0%/ |
36K
0s* . nsk
Loading | Loading 2
_8 RC ARCH

FIGURE 18 Eight-ft reinforced concrete (horseshoe) arch.
Theoretical bending moments based on 140:42 and 140:140
loadings.
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FIGURE 19 Twenty-ft reinforced concrete
(semicircular) arch, theoretical bending moments based
on 140:42 and 140:140 loadings.
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FIGURE 20 Bedding and backfill:
semicircular reinforced concrete arch.
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PIPECAR and BOXCAR Microcomputer
Programs for the Design of Reinforced
Concrete Pipe and Box Sections

TimoTHY J. MCGRATH, DAvVID B. TiGUE, AND FRANK ]J. HEGER

PIPECAR and BOXCAR are structural analysis and design
programs for reinforced concrete pipe and box sections that
were developed for the Federal Highway Administration in the
early 1980s. The programs applied state-of-the-art methods of
design but were written for mainframe computers, making
them relatively inaccessible to many designers. Reported herein
is a description of updated versions of the programs that oper-
ate on IBM or IBM-compatible personal computers that have
user-friendly input routines with help screens that make access
to and operation of the programs very simple, even for a com-
puter novice. Program input is developed from a permanent
file of typical or ‘“default’’ design parameters; thus for a rel-
atively simple design, the user can specify as little information
as the diameter (span and rise for a box section) and the depth
of fill. The default file can be modified to tailor the program
to the particular default configuration needed by any user. For
applications with unusual load or installation conditions, the
user can modify almost all parameters to produce a suitable
design. Structural design is in accordance with current Amer-
ican Association of State Highway and Transportation Officials
standards. Reinforcing requirements are output in square inches
per foot. If stirrups are required, an additional design routine
is automatically invoked fo allow the user to determine the size
and spacing. Output files are written to computer floppy or
hard disks, from which they may be viewed with standard text
editor software or printed. Program output level is user con-
trolled. At the maximum levels, the program output is suffi-
ciently detailed to allow independent design review.

In June 1983, the Federal Highway Administration (FHWA)
published the Structural Design Manual for Improved Inlets
and Culverts (1). Originally conceived as a specialized project
to develop a design rationale for the special geometries of
improved inlets, the project resulted in the development of
the computer programs PIPECAR and BOXCAR that are
applicable to the structural design of circular and horizontal
elliptical reinforced concrete pipe and single-cell box sections.
The programs incorporate a new state-of-the-art method of
design developed by Heger and McGrath (2). This design
method was later adopted by the American Association of
State Highway and Transportation Officials (AASHTO) and
is given in Section 17.4 of the AASHTO Specifications for
Highway Bridges (3). The programs were written for a main-
frame computer and, because of their original emphasis on
inlet structures, did not include design for wheel loads.

Simpson Gumpertz & Heger Inc., Consulting Engineers, 297 Broad-
way, Arlington, Mass. 02174,

Reported herein are the capabilities of upgraded versions
of the programs that now operate on IBM, or IBM-compat-
ible, personal computers, have user-friendly input-output rou-
tines, and include a number of live load options.

GENERAL PROGRAM CAPABILITIES AND
LIMITATIONS

Application

PIPECAR and BOXCAR are computer programs that may
be used for the structural design and analysis of reinforced
concrete pipe and rectangular box sections, respectively. These
programs determine the required steel reinforcement for user-
specified culvert geometry, material properties, and loading
data. PIPECAR is capable of designing any circular or hor-
izontal elliptical pipe-culvert. Pipe-culverts may be designed
by the direct method of completing a structural analysis and
design for an assumed earth pressure distribution or by the
indirect method of design reinforcing for three-edge bearing
load conditions (i.e., a specified D-load). BOXCAR is capa-
ble of designing any rectangular single cell box culvert with
or without haunches. Haunches, it specified, may have any
geometry (i.e., the haunch angle may be other than 45 degrees),
and haunches at the top may have a different geometry from
haunches at the bottom. Steel reinforcing areas are calculated
using the design method presented in AASHTO Section 17.4
(3). Both programs are capable of analysis and design for
truck and railroad live loads in accordance with AASHTO
and AREA specifications, respectively. Parameters that may
be specified by the user are listed in Table 1.

As an alternative to specifying all the parameters listed in
Table 1, the user may rely on a file of preprogrammed “default”
parameters. By use of these default parameters, the user need
specify only the culvert geometry and depth of fill (or, alter-
natively for the indirect design method of pipe, the D-load).
The default values will be used for any additional parameters
not specified by the user. The default file may be reconfigured
by the user to meet any particular application such as cast-
in-place or precast box sections.

Limitations

PIPECAR and BOXCAR do not optimize designs. That is,
they do not process the quantities of reinforcing and concrete



100

TRANSPORTATION RESEARCH RECORD 1191

TABLE 1 USER-SPECIFIED INPUT PARAMETERS

CATEGORY PIPECAR

BOXCAR

Circular or
Inside Radii

Culvert Geometry Wall Thickness

Horizontal Elliptical

Single Cell Inside
Span and Rise

Top, Bottom
and Sidewall
Thicknesses

Top and Bottom Vertical
and Horizontal Haunch
Dimensions

Loading Data

(See Fig. 2)

for Pipe

Uniform or Radial
Loading Application

Alternatively a D-Load
May Be Specified

Depth of Fill, Density of Fill, Minimum and
Maximum Lateral Soil Pressure Ratios, Truck
or Railroad Loading, Depth of Fiuid, Density
of Internal Fluid, Surcharge Loads

Material Type of Reinforcing (Used for Crack Control),

Properties Reinforcing Yield Strength, Concrete Compres-
sive Strength, Concrete Density

Design Data Live and Dead Load Factors, Strength Reduction

Factors for Shear and Flexure, Cover over
Reinforcing, Spacing, Size, and Number of
Layers of Reinforcing

and complete successive designs to determine geometries with
minimum cost of materials. This can be completed through
the use of multiple runs. Other program limitations include
the following:

® BOXCAR does not consider the load case of internal
pressure,

e The culvert size is limited to spans of 14 ft for box sections
and diameters of 12 ft for pipe, and

® Only main flexural reinforcement requirements are fully
determined for box and pipe sections.

STRUCTURAL CRITERIA FOR ANALYSIS AND
DESIGN

Loadings

PIPECAR and BOXCAR analyze several different load con-
ditinns that are typically imposed on culverts. These include
loads resulting from culvert self-weight; vertical and lateral
soil pressures; internal fluid; and AASHTO truck, railroad
locomotives, approaching vehicles (for box culverts only), and
vertical and horizontal surcharge pressures. The load condi-
tions are grouped into three categories: permanent dead loads,
additional dead loads, and live loads. Permanent dead loads
are considered to be always acting on the culvert. These include
the culvert self-weight, vertical soil pressure, and a minimum

lateral soil pressure that is specified by the user. Additional
dead loads are loads that are considered only if they produce
higher critical design forces for each of the design sections.
These include the additional lateral soil pressure specified by
the user and internal fluid load. Live loads include AASHTO
HS-20 and Interstate truck wheel loading, railroad loading,
or a user-specified live load. BOXCAR analyzes wheel loads
at several positions across the top of the box culvert to sim-
ulate a truck traversing the culvert. As many as 11 different
truck positions are considered to obtain the maximum critical
design forces for each design section. Surcharge loads may
be considered as either permanent dead load, additional dead
load, or live load.

In BOXCAR, loads are applied as linear pressures, as shown
in Figure 1. Foundation reactions are assumed to vary linearly
across the bottom slab of the box culvert, and it is assumed
that the supporting foundation cannot resist tensile forces, as
is typically assumed in foundation design. In PIPECAR, loads
and reactions can either be applied as a sinusoidally distrib-
uted normal pressure or as a linear pressure on the pipe at
the option of the user. These two methods, commonly referred
to as Olander and Paris pressure distributions, respectively,
are shown in Figure 2.

PIPECAR includes the option of designing pipe by the
indirect design method. The user may specify a desired D-
load capacity for the pipe and the program will complete the
analysis and design for the moments, thrusts, and shears of
the specialized load condition.
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FIGURE 1 Typical pressure distributions used in
BOXCAR.

Structural Analysis

PIPECAR and BOXCAR calculate the moments, thrusts,
and shears at various design locations using the stiffness method
of analysis, BOXCAR models the culvert as a four-member
frame having a 1-ft width. For a given frame, member stiffness
matrices are assembled into a global stiffness matrix, a joint
load matrix is assembled, and conventional methods of matrix
analysis are employed. The effect of haunches on the member
stiffness is considered by performing a numerical integration
across the member. The trapezoidal rule with 50 integration
points is used, obtaining a sufficiently high degree of accuracy.

Because PIPECAR considers only symmetrical geometry
and loads, the program models only half a pipe. The computer
model consists of 36 members with boundary supports at the
crown and invert. Each member spans 5 degrees, and nodes
are located at the middepths of the pipe wall. For each mem-
ber, a stiffness matrix is formed and translated into a global
coordinate system. Pressures caused by the various loads are
converted into normal and tangential nodal loads, which are
then assembled into a joint load matrix. A solution is obtained
by a recursion algorithm from which member end forces are
obtained at each joint.

Design of Reinforcing

PIPECAR and BOXCAR calculate steel reinforcing arcas
based on the method described in Section 17.4 of the AASHTO
specifications (3).

BOXCAR calculates steel areas using the maximum gov-
erning moments determined at Design Locations 1 through
11, shown in Figure 3. Flexural reinforcing requirements are
evaluated at midspan for positive moments and at the tips of
haunches and the face of walls for negative moments. The

a. "Radial” Load System b. "Uniform"” Load System

FIGURE 2 Typical pressure distributions used in
PIPECAR.
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FIGURE 3 Locations of critical sections for shear and
flexure design in single-cell box sections.

reinforcing layout consists of six steel areas designated A,
A,, As, Ay, Ay, and Ay, as shown in Figure 4. The area
A,, is the maximum steel area required to resist negative
moments at Sections 2 through 10. Areas A,,, A, and A4,
are provided to resist positive moments at Sections 1, 11, 6;
and A, and A are designed to resist negative moments at
Sections 1 and 11, respectively. Using the output option (see
next section), the reinforcing requirements at all locations
may be printed. This allows the designer to use alternate
reinforcing layouts. The AASHTO requirement of limiting
service load stresses for fatigue is also considered.

Shear stresses are evaluated at Design Locations 12 through
19, which are located at a distance ¢,d from the face of the
haunch or wall and are computed with an allowable shear
stress of 3 V. for boxes with uniform loadings and more
than 2 ft of cover. For boxes with less than 2 ft of cover, or
for boxes with significant live loads or railroad loads, the
allowable shear stress is taken as 2V/f'. Shear stresses are
evaluated at Design Locations 20 to 23, inclusive, where the
value of M/vd equals 3, as required by AASHTO Section
17.4. When shear stresses exceed allowable values, the pro-
grams invoke a subroutine to design stirrup reinforcement.

PIPECAR calculates steel areas at three locations; inside
crown, inside invert, and outside springline, as shown in Fig-
ure 5. These areas are designated as A, A, and A_,, respec-
tively. If shear stresses are exceeded at these locations, the
program invokes a subroutine to design stirrup reinforcement.

FIGURE 4 Typical reinforcing layout for single-cell
box culverts.
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FIGURE 5 Typical reinforcing layout and design locations
of critical sections for shear and flexure design in pipe
sections.

COMPUTER PROGRAM

PIPECAR and BOXCAR run on IBM or IBM-compatible
personal computers. Both programs are designed to be user
friendly. The programs prompt the user for the various input
data through menus. Help screens are available to aid the
user in identification of input parameters and their applica-
tions. Much of the input is optional in that the program will
assume standard default values for those not specified by the
user. For BOXCAR, only the span, rise, and depth of fill are
required input parameters. PIPECAR requires the user to
input the pipe diameter and wall thickness for circular pipe,
or the elliptical radii and wall thickness for horizontal elliptical
pipe, the depth of fill, and the load system. The user may
change the default parameters to gear the program to his or
her particular design needs, such as cast-in-place or precast
culverts. The programs save the input data for cach design
on a floppy or hard disk so that they may be retrieved later,
and if desired, modified for additional runs.

The amount of output that can be obtained from the pro-
grams may be controlled by the user. The minimum amount
of output that will be printed is an echo print of the input,
any design warnings, and a design summary sheet, Additional
available output includes stiffness matrices, displacements,
moments, thrust, and shears at each node or design section
far each load condition and a table of design forces. Output
files are written to a disk where they may be viewed with
standard text editor software, or they may be printed for
projects.

The main program routines for PIPECAR and BOXCAR
are written in the FORTRAN computer language. User-friendly
input and output routines are written in the BASIC language.
All programs are compiled, therefore, the user is only required
to have operating system software equivalent to PC DOS

TRANSPORTATION RESEARCH RECORD 1191

Version 2.0 or higher to execute the programs. Other hard-
ware and software requirements include

e IBMPC, XT, AT, or a similar IBM-compatible computer
and printer. Program output is formatted for 8 2 X 11-in.
paper.

@ Ap 8087 or 80287 math coprocessor.

e A minimum of 640K bytes of memory.

® Two double density disk drives or a single double density
disk drive and a hard disk drive.

The programs will be maintained and distributed by McTrans,
the Center for Microcomputers in Transportation. Any inter-
ested person may obtain copies of the programs at a nominal
cost by writing to McTrans, University of Florida, 512 Weil
Hall, Gainesville, Florida 32611.

SAMPLE PROBLEMS
BOXCAR

This example problem demonstrates the use of the BOXCAR
program for the design of the box culvert shown in Figure 6.
For this problem, only the span, rise, and depth of fill were
specified. The remaining parameters, listed in the echo print
of the input as shown in Table 2, were assumed by the pro-
gram. The design summary sheet for this example is shown
in Table 3. The echo print of the input and the design summary
sheet are the minimum amount of output obtained from the
programs. More detailed output may be obtained at the option
of the user as previously discussed.

PIPECAR

This example problem demonstrates the use of PIPECAR for
the pipe shown in Figure 7. The pipe diameter, wall thickness,
and depth of fill were specified for this problem. The echo
print of the input is similar to that shown for the BOXCAR
example problem. The design summary sheet obtained for
this example is shown in Table 4.

;Road Surfnce - AASHTO HS-20
?

& a N (=ET
N /| =
L4 : g 5 < '-[
8" 8"

0‘4 8'-0" 4_‘0'

FIGURE 6 Culvert geometry for BOXCAR
sample problem.
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TABLE 2 ECHO PRINT OF INPUT DATA FOR BOXCAR SAMPLE PROBLEM
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Filename
Job Description
Span
Rise
Depth of Fill
to Culvert Top
BOX GEOMETRY
Top Slab Thickness 8in,
Bottom Slab Thickness 8in.
Sidewall Thickness 8in.
HAUNCH DIMENSIONS
Horizontal
Top Haunches 8in.
Bottom Haunches 8in.
CONCRETE COVERS
Top Slab Outside Face 1.5in
Bottom Slab Outside Face 1.5in
Sidewall Outside Face 1.5in
Top Slab Inside Face 1.5in
Sidewall inside Face 1.5in
MATERIAL PROPERTIES
Main Reinforcing Yield Stress 60 ksi
Distribution Relnforcing Yield Stress 60 ksi
Main Reinforcing Type 2 No. of layers 1
Design Concrete Strength 4 ksi
Concrete Densily 150 pcf
LOAD FACTORS
Dead Load Factor (Shear and Moment) 1.5
Dead Load Factor (Thrust) 1
Live Load Factor (Shear and Moment) 2.17
Live Load Factor (Thrust) 1
PHI FACTORS
Shear 85
Flexure .9
REINFORCING DIAMETERS
Top Slab Outside Face (AS7) 4in.
Bottom Slab Outside Face (AS8) 4in.
Sidewall Qulside Face (AS1) 4in.
Top Slab Inside Face (AS2) 4in.
Bottom Slab Inside face (AS3) 4in.
Sidewall Inside Faca (AS4) 4in.

Ground Surface

FIGURE 7 Pipe geometry for PIPECAR

sample problem.

Vertical

8in.
8in.

SAMPLE.BOX
Example of Boxcar Execution

8t

5ft
at

MAXIMUM REINFORCING SPACING
Top Slab Outside Face (AS7)
Bottom Slab Outside Face (AS8)
Sidewall Oulside Face (AS1)
Top Slab Inside Face (AS2)
Bottom Slab Inside Face (AS3)
Sidewall Inside Face (AS4)

SOIL LOAD DATA
Soil Density
Minimum Lateral Pressure Coeflicient
Maximum Lateral Pressure Coefficient
Soil Structure Interaction Factor

LIVE LOAD DATA

Live Load
Direction of Travel

SURCHARGE LOADS
UNIFORM VERTICAL LOAD
Magnitude
VARYING LATERAL LOAD

Magnitude at Top
Magnitude at Bottom

APPLICATION CODE
FLUID LOADS

Depth of Fluid
Fluid Density

CONCLUSIONS

8in.
8in.
8in.
8in.
8in.
8in.

120 pef
.25

5

1

HS-20
Transverse to culvert flow

0 psf

0 psf
0 psf

PERMANENT DEAD LOAD

5 ft.
62.5 pcf

Summarized in this paper are the current levels of develop-
ment of the computer programs PIPECAR and BOXCAR
for the structural design and analysis of reinforced concrete
pipe and box sections, respectively. The current microcom-
puter versions of these programs, which were developed for
FHWA, are easy to access and operate. With the various live
load options that may now be specified by the user, these
programs allow users to structurally design reinforced con-
crete pipe or single-cell rectangular box culverts for almost

any given installation condition.
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TABLE 3 DESIGN SUMMARY SHEET FOR BOXCAR SAMPLE PROBLEM

BOX CULVERT DESIGN SUMMARY SHEET
8.0 FT. SPAN X 5.0 FT. RISE

-------------- RARAAAERRAAAR AT AAN AR R ARARAARARARA AR AAAARARN SRR AR

INSTALLATION DATA

HEIGHT OF FILL OVER CULVERT, FT 3.000
SOIL UNIT WEIGHT , PCF 120.000
MINIMUM LATERAL SOIL PRESSURE COEFFICIENT .250
MAXIMUM LATERAL SOIL PRESSURE COEFFICIENT .500
SOIL - STRUCTURE INTERACTION COEFFICIENT 1.000
LOADING DATA

DEAD LOAD FACTOR - MOMENT AND SHEAR 1.500
DEAD LOAD FACTOR - THRUST 1.000
LIVE LOAD FACTOR - MOMENT AND SHEAR 2.170
LIVE LOAD FACTOR - THRUST 1.000
STRENGTH REDUCTION FACTOR-FLEXURE .900
STRENGTH REDUCTION FACTOR-DIAGONAL TENSION .850
LIVE LOAD TYPE AASHTO HS-20
DIRECTION OF VEHICLE TRAVEL RELATIVE

TO CULVERT FLOW TRANSVERSE
MATERIAL PROPERTIES

MINIMUM SPECIFIED REINFORCING YIELD STRESS, KSI 60.000

CONCRETE - SPECIFIED COMPRESSIVE STRENGTH, KSI
REINFORCING TYPE

GEOMETRY

4.000

SMOOTH WELDED WIRE FABRIC

TOP SLAB THICKNESS, IN.

SIDE WALL THICKNESS, IN.

BOTTOM SLAB THICKNESS,IN.

HORIZONTAL HAUNCH DIMENSION, IN.

VERTICAL HAUNCH DIMENSION, IN.

CONCRETE COVER OVER STEEL, IN.
TOP SLAB-OUTSIDE FACE
SIDE WALL - OUTSIDE FACE
BOTTOM SLAB - OUTSIDE FACE
TOP SLAB - INSIDE FACE
SIDE WALL - INSIDE FACE
BOTTOM SLAB - INSIDE FACE

REINFORCING STEEL DATA

8.000
8.000
8.000
8.000
8.000

1.500
1.500
1.500
1.500
1.500
1.500

AREA
LOCATION SQ. IN STIRRUPS
PER FT REQUIRED
TRANSVERSE
SIDE WALL - OUTSIDE FACE (As1) .233 NO
TOP SLAB - INSIDE FACE (As2) 316 NO
BOTTOM SLAB - INSIDE FACE (As3) .291 NO
SIDE WALL - INSIDE FACE (As4) 192 NO
TOP SLAB - OUTSIDE FACE (As7) 192 NO
BOTTOM SLAB - OUTSIDE FACE (AsB) 192 NO

TOP SLAB OUTSIDE FACE STEEL MUST EXTEND COMPLETELY ACROSS

THE TOP SLAB.

SIDEWALL OUTSIDE FACE STEEL (As1) MUST BE BENT AT THE CORNER
AND EXTENDED ACROSS THE TOP SLAB SUFFICIENTLY TO MEET AASHTO

REQUIREMENTS FOR TENSION LAPS.

BOTTOM SLAB OUTSIDE FACE STEEL (As8) MUST EXTEND COMPLETELY

ACROSS THE BOTTOM SLAB .

SIDEWALL OUTSIDE FACE STEEL (As1) MUST BE BENT AT THE CORNER
AND EXTENDED ACROSS THE BOTTOM SLAB SUFFICIENTLY TO MEET

AASHTO REQUIREMENTS FOR TENSION LAPS.
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TABLE 4 DESIGN SUMMARY SHEET FOR PIPECAR SAMPLE PROBLEM

PIPECAR PIPE CULVERT DESIGN SUMMARY
72.0 INCH DIAMETER REINFORCED CONCRETE CIRCULAR PIPE

AEARARERRA R R AR AR A AR R R AR R AR R AN R AR AN T AR AR AR RA R SR AARERAAR AR RARRRAARARAR AN AR R

INSTALLATION DATA

WEIGHT OF FILL ABOVE CROWN, FT. 22.00
SOIL UNIT WEIGHT , PCF 120.00
SOIL STRUCTURE INTERACTION COEFFICIENT 1.20
LOAD SYSTEM RADIAL LOAD SYSTEM
LOAD ANGLE DEGREES 240.00
BEDDING ANGLE, DEGREES 120.00
PIPE WEIGHT REACTION BED LENGTH, IN. .00

MATERIAL PROPERTIES

REINFORCING - MINIMUM SPECIFIED YIELD STRESS, KSI 65.00
REINFORCING TYPE SMOOTH WELDED WIRE FABRIC
NO. OF LAYERS OF REINFORCING 1.00
CONCRETE - SPECIFIED COMPRESSIVE STRESS, KSI 5.00

LOADING DATA

DEAD LOAD FACTORS - MOMENTS AND SHEAR 1.50
DEAD LOAD FACTOR - THRUST 1.00
LIVE LOAD FACTORS - MOMENT AND SHEAR 217
LIVE LOAD FACTOR - THRUST 1.00
STRENGTH REDUCTION FACTOR - FLEXURE .95
STRENGTH REDUCTION FACTOR - DIAGONAL TENSION .80
LIMITING CRACK WIDTH FACTOR .90
RADIAL TENSION PROCESS FACTOR 1.00
DIAGONAL TENSION PROCESS FACTOR 1.00
LIVE LOAD TYPE AASHTO HS-20
PIPE DATA
WALL THICKNESS, IN. 7.00
INSIDE CONCRETE COVER OVER REINFORCING, IN. 1.00
QUTSIDE CONCRETE COVER OVER REINFORCING, IN. 1.00
FLUID DATA
WALL THICKNESS, PCF. 62.40
DEPTH OF FLUID, INCHES ABOVE INVERT 72.00
REINFORCING DATA
INVERT - INSIDE REINFORCING, SQ. IN /FT. .532
SPRINGLINE - OUTSIDE REINFORCING, SQ. IN./ FT. 345
CROWN - INSIDE REINFORCING, SQ. IN. / FT. .293
REFERENCES 3. Standard Specifications for Highway Bridges. Section 17.4, Amer-
ican Association of State Highway and Transportation Officials,

1. T. J. McGrath and F. J. Heger. Structural Design Manual for Washington, D.C., 1989.
Improved Inlets and Culverts, Report IP-83-6, FHWA, U.S.
Department of Transportation, June 1983,

2. F. J. Heger and T. J. McGrath. Design Method for Reinforced
Concrete Pipe and Box Sections. A report by Simpson, Gumpertz
& Heger, Inc. for the American Concrete Pipe Association, Dec, Publication of this paper sponsored by Committee on Culverts and
1982. Hydraulic Structures.
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Life-Cycle Cost for Design of Army

Drainage Structures

JouN C. POTTER AND LARRY SCHINDLER

Many factors are involved in the design of drainage systems.
Although not necessarily overriding, the cost is often one of
the most important factors. This cost should be the total, over-
all cost of the alternative over its projected life, or life-cycle
cost. Unless the life-cycle cost is considered over first cost, the
owner cannot be assured of receiving maximum value for his
construction and maintenance dollars. The importance of the
other decision factors are established for Army projects by the
minimum functional requirements of the project. Except for
determining a service life for the various types (materials) of
drainage structures, the procedures for life-cycle cost analysis
of such studies are well established. The procedures for eco-
nomic analysis described in U.S. Army Technical Manual TM
5-802-1 can be used to determine life-cycle cost. U.S Army
regulation Economic Analysis and Program Evaluation for
Resource Management gives the basic criteria and standards
for economic studies by and for the Department of the Army.
Provided in this paper is the supplemental explanation required
to perform life-cycle cost analyses of drainage structures to
determine the relative economic rating of design alternatives.
The alternatives can then be order ranked by life-cycle cost,
and the best design can be rationally and confidently selected.

Many factors are involved in the design of drainage systems.
Principal factors are hydrology, soil conditions, material
strength, material durability, and cost and type of facility or
site being drained. Although not necessarily overriding, the
cost is often one of the most important factors. This cost
should be the total, overall cost of the alternative over its
projected life, or life-cycle cost (LCC). Unless the LCC is
considered over first cost, the owner cannot be assured of
receiving maximum value for his construction and mainte-
nance dollars. LCC-based economic studies are an integral
part of the complete design process and are a requirement
specified by Army Technical Manual (TM) 5-802-1().
Department of the Army Regulation (AR) 11-28 Economic
Analysis and Program Evaluation for Resource Management
(2) gives the basic criteria and standards for economic studies
by and for the Department of the Army. This paper provides
the supplemental explanation required to perform LCC anal-
yscs-ofdrainage steustures o determine theirelative scopomic

rating of design alternatives.

J. C. Potter, U.S. Army Corps of Engineers, Waterways Experiment
Station, P.O. Box 631, Vicksburg, Miss. 39180-0631. L. Schindler,
Headquarters, U.S. Army Corps of Engineers, HQUSACE(CEEC-
EG), Washington, D.C. 20314-1000.

GENERAL

The first step in the analysis of design alternatives is to develop
a preliminary list of all possible alternatives. This list is then
reduced to a group of feasible alternatives by applying the
constraints of the particular project, such as availability of
materials or equipment, site conditions (e.g., abrasive bed
load), or requirements to accommodate large flows or live-
stock. In other words, the minimum functional requirements
must be met. The final design is chosen from this group based
on the LCC.

The LCC is the total, overall estimated cost for a particular
design alternative. Direct and indirect initial costs plus peri-
odic or continuing costs for operation and maintenance are
included. The methods described in TM 5-802-1(/) and men-
tioned subsequently in this paper account for the time value
of money and reflect the concepts and procedures used in
many economics texts [e.g., Thuesen et al. (3)].

Costs incurred over time may be expressed in terms of
either constant dollars or current dollars. Constant dollars are
costs or savings stated at price levels in effect at some given
time, usually the particular time that the analysis is conducted.
Current dollars are costs or savings stated at price levels in
effect whenever the costs or savings are incurred. Comparison
of drainage structure alternatives should be based on constant
dollars for all costs, including present and future costs and
salvage or retention-residual values.

The LCC s expressed either in terms of present worth (PW)
or equivalent uniform annual cost (EUAC). PW is the more
common measure of LCCs. It can be thought of as the amount
of money, required now, to fund the project for the entire
analysis period. The EUAC can be thought of as the amount
of money required for each year of the analysis period to fund
all project costs.

The same analysis period must be used to compare alter-
natives using PWs. PWs can be converted to EUACs using a
uniform series capital recovery factor. In essence, PW and
EUAC are just two ways of expressing the same costs. EUACs
can also be calculated from the individual costs for each altcr-
native.

ANALYSIS PERIOD

Economic studies consider projects that have a service life,
an economic life, and an analysis period. The service life is
the total useful life of the project or time to replacement or
rehabilitation. The economic life is the time during which a
project is economically profitable or provides the required
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service at a lower cost than another facility. For drainage
structures, the economic life is usually the same as the service
life. The analysis period is the comparison period over which
costs are counted in determining the PW or EUAC of an
alternative.

The provisions of TM 5-802-1() on the selection of the
analysis period are based on the fact that the Department of
Defense (DOD) envisions the economic life of most types of
facilities, as well as most major facilities’ components and
utilities, to be about 25 years for general planning purposes.
This is also known as the planning horizon. Accordingly, TM
5-802-1(1) specifies that, in general, the analysis period should
be considered to end at the end of the economic life of the
total facility, or 25 years after the beneficial occupancy date
(BOD), whichever occurs first. (In the case of drainage struc-
tures, the total facility would be the complete facility or set
of facilities encompassing and serviced by the drainage struc-
tures.) There are provisions for exceptions to the 25-year
limit, however, and it would appear that many, if not most,
drainage structure projects would qualify for the exception.
The justification for the exception in the case of drainage
structures is that infrastructure such as drainage facilities may
realistically be expected to provide economical service in its
original mission well beyond 25 years. A review of the service
lives used by various state and federal government agencies
and industry (4, 5) reveals that most agencies expect culverts
to provide service longer than 25 years, with a 50-year life
used most frequently. This period strikes a balance between
the intangible or indirect costs associated with replacement
or rehabilitation and the unpredictability of long-term land
use. Accordingly, a 50-year analysis period appears to be
reasonable and justifiable and should be used. Note that the
selection of the analysis period is not influenced by the expected
service lives of the design alternatives.

COST

The initial and recurring costs considered in an economic
analysis are sometimes categorized as agency costs, user costs,
and nonuser costs (6). Agency costs include initial capital costs
of construction; future capital costs of rehabilitation or
replacement; maintenance or operational costs, or both, dur-
ing the analysis period; salvage or retention-residual value (a
negative cost) at the end of the analysis period; and engi-
neering and administrative costs. User costs include travel
time, vehicle operating costs, and accident costs and incon-
venience (e¢.g., when a detour is required). Nonuser costs
result from the impact of the facility on those not actually
using the facility, such as the cost of flood damage occurring
downstream from the drainage structure.

Economic analyses frequently include only the initial and
future capital costs, maintenance and operation costs, and
salvage or retention-residual value. For drainage structures,
little error is introduced by omitting the other costs from the
computations because the other costs are likely to be similar
for all alternatives.

Initial capital costs for drainage structures can generally be
estimated from local data, usually obtainable from local ven-
dors. Future capital costs can be estimated from current costs,
adjusted as necessary for extraordinary price level changes
expected before future construction. As a supplement, or if
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local data are not available, costs can be estimated using the
procedures, unit costs, and adjustment factors given in the
following publications:

1. Army Regulation 415-17(7),

2. Engineering News Record’s Building and Construction
Cost Index Histories (8),

3. Federal Highway Administration’s Highway Mainte-
nance and Operation Cost Trend Index (9), and

4. Federal Highway Administration’s Price Trends for Fed-
eral-Aid Highway Construction (10).

A description of these resources and their use is included in
Kohn et al.(11).

Maintenance and operations costs are best determined from
local experience with similar projects. Maintenance and oper-
ations costs are highly dependent on both local conditions and
the particular maintaining agency.

The salvage or retention-residual value of a drainage struc-
ture is its residual value at the end of the analysis period. If
the end of the analysis period coincides with the end of the
service of the alternative, then the salvage value of that alter-
native should be taken as zero. When the service life is expected
to exceed the length of the analysis period, the retention-
residual value must be included, generally as a future income
or negative cost.

DISCOUNT RATE

The time value of money is expressed by the discount rate.
The discount rate can be viewed as the amount that the value
of money in the future is reduced or discounted to reflect its
present value. It is considered to be the minimum real or net
rate of return, after inflation, to be achieved by public sector
investments. Congress has stipulated that diverting invest-
ment capital from the private sector (by taxation) for use on
public-sector projects can only be justified when that capital
earns a real rate of return at least as high as that achievable
in the private sector. This rate is 10 percent at the present
time (January 1988) (12).

COMPUTING PW

The basic method for computing the PW of a given alternative
is described in detail in TM 5-802-1(7) and summarized here,
as follows:

One-Time Costs

Step 1: Estimate the amount of the one-time costs as of the
base date (date of the study).

Step 2: Escalate this cost to the time at which it is actually to
be incurred, using the differential (from inflation) escalation
rate e.

Step 3: Discount the escalated future one-time cost to PW
(on the base date), using the discount rate d (10 percent in
January 1988).



108

Recurring Costs

Step 1: Estimate the amount A, of the annually recurring cost
as of the base date and determine the number of costs, &, in
the series (i.e., over the analysis period).

Step 2: Escalate A, to A, at the time at which the first cost
in the serics is to be incurred, using the differential escalation
rate e.

Step 3: Determine, for the date on which A, is incurred, the
single cost that is equivalent to a series of, k, uniformly esca-
lating annual costs, in which the amount of the first cost is A,
and the differential escalation rate is e.

Step 4: Discount the single equivalent cost, from the time the
first annual cost is to be incurred to a PW on the base date,
using the discount rate d.

Escalation of any current cost C to a future cost F is accom-
plished using the relationship

F=C( + ey

where ¢ is the escalation rate above the rate of inflation and
n is the number of years until the future cost is incurred.

The PW P of a future cost Fis
P=F(/1+iy

where { is the discount or net interest rate after inflation.
Formulas, tables, and sample calculations are provided in
Technical Manual 5-802-1 (1).

DECISION CRITERIA

If. in the judgment of the designer or analyst, it is reasonably
certain from the results of the LCC analysis that one particular
type of drainage structure (material) will have a lower LCC
than any of the other feasible alternatives on a certain project,
then that type of drainage structure should be selected for
the project in question. If, on the other hand, it is clear from
the results of the analysis that two (or more) of the alternatives
will have equal (or very nearly equal) LCCs (and that the
LCCs of all the other feasible alternatives will be greater),
then the design selection should be based essentially on initial
procurement cost considerations. That is, the particular type
of drainage structure with the lowest procurement costs should
be selected.

For other situations, when one cannot be reasonably certain
from the results of the analysis whether one of the alternatives
will be lower in LCC than one (or more) of the other alter-
natives, it may be necessary to conduct an uncertainty analysis
to support the design-selection decision or to allow multiple
hid antinns. The exact criteria are bevond the scope of this
paper, but are described in detail in TM 5-802-1 ().

EXAMPLE
Suppose a drainage structure is being selected for construction

2 years after the analysis base data (date of study). The soil-
water pH is 6.0, the minimum soil-water resistivity is 6,000
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ohm-cm, and a nonabrasive flow of 6 ft/sec is expected. The
materials to be considered are reinforced concrete, plain gal-
vanized steel pipe, asphalt-coated and paved corrugated steel
pipe (ACPCSP), and polyethylene (PE) pipe. All of these
alternatives are structurally adequate for the design load. A
24-in.-diameter, smooth wall pipe will carry the design flow
at the design slope of 1 percent. A 27-in.-diameter pipe will
be required for the corrugated alternative because of its higher
n value. The differential escalation rate is projected to be 0
for installation costs and for the concrete and plain galvanized
materials. For illustrative purposes, a rate of 3 percent will
be assumed for the asphalt-coated and paved and PE pipes,
as their cost is closely tied to the cost of petroleum. Assume
that an exception will be granted to allow a 50-year analysis
period, that maintenance costs over the analysis period are
equal for all alternatives, and that pipe still serviceable at the
end of the analysis period will not be recovered for reuse or
resale (no salvage value). Uncertainty assessment is omitted
for simplicity. Note that costs stated herein are hypothetical
costs—they do not apply to any particular project, and are
not to be used for an actual LCC analysis.

Suppose the expected service life of reinforced concrete
pipe is 100 years. It should therefore last through the entire
analysis period. The current cost is $12.50/ft, delivered, plus
$10.00/ft for installation. Because e = 0 percent for both
materials and installation, the one-time cost to be incurred in
2 years is simply $12.50 + $10.00 = $22.50, in terms of today’s
dollars. The PW is $22.50 (1/1.1)> = $18.59/1t.

The California method (13) can be used to estimate the
service life of the plain galvanized pipe. For a pH of 6.0 and
a minimum resistivity of 6,000 ohm-cm, a 16-gauge, plain
galvanized corrugated steel pipe (CSP) has an expected life
of about 25 years. This alternative will require a replacement
at the midpoint of the analysis period. The current cost of
27-in. plain galvanized pipe is $10.65/ft, delivered, including
bands, plus $8.50/ft installation. In many cases the cost of
replacement is much greater than the cost of initial construc-
tion, especially considering user costs. However, to simplify
this example, assume that the current cost applies to both
initial construction and replacement. Because e = 0 percent
for both materials and installation, the cost to be incurred in
2 years and again in 27 years is $10.65 + $8.50 = $19.15/ft.
The PW of the initial installation is $19.15 (1/1.1)? = $15.82/
ft. The PW of the replacement is $19.15 (1/1.1)>” = $1.46/ft.
The total PW for this alternative is thus $15.82 + $1.46 =
$17.28/ft. All these are expressed in terms of today’s dollars.

Asphalt coating and paving can be used to extend the life
of plain galvanized pipe. Assume that this coating will add
25 years to the life of the pipe. The service life of an asphalt-
coated and paved CSP (ACPCSP) at this site will be 25 years
+ 25 years = 50 years, and no replacement is anticipated
during thc analysis period. The current cost for ACPCSP is
$13.90/ft, including bands. Assuming a 3 percent annual dif-
ferential escalation rate for the cost of the asphalt, the pipe
will cost $13.90 x (1.03)> = $14.75/ft at the time of instal-
lation. Installation is currently $9.50/ft. Assuming e = 0 per-
cent for installation cost, this cost will remain at $9.50/ft. The
total cost of this alternative will thus be $14.75 + $9.50 =
$24.25/ft. The PW is $24.25(1/1.1)* = $20.04/fr.,

The proposed American Association of State Highway and
Transportation Officials design procedure is structured to pro-
vide a 50-year service life. One 24-in. smooth-flow PE pipe
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meeting the requirements of this procedure costs $19.50/ft.
An escalation of 3 percent for 2 years yields a cost at time of
installation of $19.50 x (1.03)> = $20.69/ft. Installation is
and will be (e = 0 percent) $8.00/ft. At the time of installation,
the total cost will be $20.69 + 8.00 = $28.69/ft. The PW is
$28.69 x (1/1.1)2 = $23.71/1t.

The life cycle of these alternatives is summarized in Table
1. In this example, plain galvanized CSP would be chosen for
its lowest LCC. If two or three alternatives are to be selected
as bid options, the CSP and RCP or CSP, RCP, and ACPCSP
would be considered.

SUMMARY

The LCC of drainage structures can be determined in accord-
ance with the provisions of TM 5-802-1(1). Because of the
nature of drainage structures, an analysis period greater than
25 years may be justified. However, the salvage or retention-
residual value beyond the end of the analysis period is 0,
except in special cases such as those where the structure will
be recovered for reuse or resale. The alternatives are order
ranked by LCC, and the alternative with the lowest LCC is
selected. The treatment of uncertainty in the input data and
the exact criteria to be used in the selection process, when
the results of the LCC analysis are not conclusive, are described
in detail in TM 5-802-1 (/).

CONCLUSIONS

The LCC of a drainage structure design alternative is the
estimated, total cost of that design. Except for determining
a service life for the various types (materials) of drainage
structures, the procedures for LCC cost analysis of such stud-
ies are well established. The procedures for economic analysis
described in TM 5-802-1 (/) can be used to determine LCC.,
Although the LCC is only one of the decision factors used to
select the preferred design alternative from among the feasible
alternatives, it is generally the most important. The impor-
tance of the other decision factors are established by the min-
imum functional requirements of the project. The alternatives
can then be order ranked by LCC, and the best design can
be rationally and confidently selected.
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DISCUSSION

MIKE BEALEY
American Concrete Pipe Association, 8320 Old Courthouse Road,
Vienna, Va. 22180.

The authors have prepared an excellent summary of LCC
analysis. However, ther¢ are serious errors in application.
Potter and Schindler erroneously cite Office of Management
and Budget (OMB) Circular A-94, dated March 27, 1972 (12),
as the authority necessitating the use of a high real discount
rate of 10 percent to evaluate alternate materials for a con-
struction project. In A-94, the purpose is stated as follows:
*“This Circular prescribes a standard discount rate to be used
in evaluating the measurable costs and/or benefits of programs
or projects when they are distributed over time.”
The scope of A-94 is specific on discount rate use:
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3. Scope

a. This Circular applies to all agencies of the executive
branch of the Federal Government except the U.S. Postal
Service. The discount rate prescribed in this Circular applies
to the evaluation of Government decisions concerning the
initiation, renewal, or expansion of all programs or projects,
other than those specifically exempted below, for which the
adoption is expected to commit the Government to a serics
of measurable costs extending over three or more years or
which result in a series of benefits that extend three or more
years beyond the inception date.

b. Specifically exempted from the scope of this Circular are
decisions concerning water resource projects (guidance for
which is the approved Water Resources Principles and Stand-
ards), the Government of the District of Columbia, and non-
Federal recipients of Federal loans or grants.

¢. The remaining exemptions derive from the secondary
nature of the decisions involved; that is, how to acquire assets
or proceed with a program after an affirmative decision to
initiate, renew, or expand such a program using this Circular.
Thus:

(1) This Circular would not apply to the evaluation of deci-
sions concerning how to obtain the use of real property, such
as by lease or purchase.

(2) This Circular would not apply to the evaluation of deci-
sions concerning the acquisition of commercial-type services
by Government or contractor operation, guidance for which
is OMB Circular A-76.

(3) This Circular would not apply to the evaluation of deci-
sions concerning how to select automatic data processing
equipment, guidance for which is OMB Circular A-54 and
OMB Bulletin 60-6.

d. The discount rates prescribed in this Circular are:

(1) Suggested for use in the internal planning documents
of the agencies in the executive branch;

(2) Required for use in program analyses submitted to the
OMB in support of legislative and budget programs.

In other words, A-94 is required to be used in the evaluation
of cost-benefit for projects submitted to OMB for approval
to determine whether it is beneficial to finance the project
with tax dollars rather than private investment. The high dis-
count rate, then, is intended to ensure that the government
does not undertake projects that can be even marginally prof-
itable when undertaken by private investment.

After a project is approved by OMB, secondary decisions
as to how to proceed with the project are exempt from the
requirements of A-94 (i.e., the materials to be used).

The evaluation of alternate materials for a project should
use realisiic wtlation aind intorest rates. There i no company
that will guarantee to do a job 25 years, 50 years, or even 2
years in the future for the same price that they would charge
today without a government subsidy.

Projecting long-term costs and discount rates requires eval-
uation of historical records. In “Taking the Guesswork Out
of Least-Cost Analysis” (/), W. O. Kerr and B. A. Ryan
examine the long-term relationships of rates and indices. Kerr
and Ryan show that although wide swings occurred in interest
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and inflation rates, the overall average differential between
the rates was relatively stable, and recommend that evaluation
of construction projects be based on historical averages of the
differential (real discount rate) between the producer price
index and treasury bill rate for federal projects, municipal
bond rate for state and local projects, and prime rate for
private projects.

The future current cost and PW equations can be combined:
P = [(1 + I)/(1 + i)]". Where [ is the inflation rate, or
escalation rate defined by Potter and Schindler. Kerr and
Ryan define the term [(1 + [)/(1 + i)] as the interest-inflation
(#/1) factor, which is virtually constant for any specific differ-
ence between interest and inflation rates regardless of the
absolute values of the rates. Because market factors work to
maintain a constant /[ differential, selecting a differential and
using the appropriate i// factor frees the engineer from errors
related to short-term volatility of forecasts of absolute rates.
Kerr and Ryan show that the average differential between
treasury bill rates and the producer price index was 1.66 per-
cent for the years 19541983, and the average i/l factor was
0.9853. A differential of 1.66 percent is a more realislic real
discount rate for evaluating construction bids by private com-
panies on federal projects than the 10 percent used by Potter
and Schindler. Recalculating the example (where RCP =
reinforced concrete pipe, CSP = corrugated steel pipe,
ACPCSP = asphalt-coated and paved corrugated steel pipe,
PE = PE pipe, and PW = PW) using the Kerr and Ryan
recommended i// factor, the results of the same costs as selected
by Potter and Schindler, and an escalation factor of 0 for all
costs results in:

24-in. 27-in. 24-in. 24-in.
Cost ($) RCP CcSP ACPCSP PE
PW material 12.14 17.48 13.49 18.93
PW installa-
tion 9.71 13.95 9.22 7.77
Total PW 21.85 31.43 2241 26.70

The cost ranking of the alternates stays the same except for
CSP, which moves from lowest to highest PW. This result
indicates the sensitivity of LCC analysis to the real discount
rate and the importance of using a realistic differential. With
a high differential, LCC analysis will always indicate that it
is best to use the chcapest possible material and replace it
often during the project design life.

Flexible pipe deflects, cannot carry load directly, and relies
on surrounding soil to carry loads. Rigid pipe is designed to
carry loads without any load transfer into surrounding soil.
The more flexible a pipe, the more care, compaction, and
select material is required for embedment to ensure that the
surrounding soil can carry the load to prevent pipe deflections.
The installation costs selected by Potter and Schindler are
exactly opposite and indicate that as pipe becomes more flex-
ible, it becomes cheaper to install.

Patter and Schindler selected the same cost for the CSP
replacement as for the original installation. Pipe replacement
costs are always higher than the original installation because
of additional costs associated with removing the installation,
traffic, safety procedures, and so on.

The California method for estimating the years to perfo-
ration of CSP is applied to the exterior and interior separately
and perforation life determined by considering corrosion can
proceed from both sides simultaneously. In the example, this
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would reduce the service life of CSP to about 13 years.
According to the Federal Highway Administration’s “Eval-
uation of Highway Culvert Coating Performance™ (2), six
states discontinued the use of asphalt coatings because it was
found to provide insufficient increase in service life to justify
the cost. The long service lives selected by Potter and Schin-
dler for CSP and asphalt-coated and paved corrugated steel
pipe (ACPCSP) are questionable.

Recalculating the example with realistic service lives and
costs would reorder the pipe priorities.
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AUTHORS’ CLOSURE

The discussant takes issue with the authors’ use of a 10 percent
real discount rate, based on the provisions of Office of Man-
agement and Budget (OMB) Circular A-94 (12), in conduct-
ing LCC analyses for design of Army drainage structures.
Bealey’s discussion consists in essence of three main points:

1. Materials selection for Army drainage structures is an
LCC application area exempt from the provisions of OMB
Circular A-94 (or, more simply, A-94), and so A-94 should
not have been cited as thc authority necessitating the use of
the 10 percent discount rate;

2. The 10 percent discount rate should not have been used
because its use is not mandated by A-94 for applications such
as this (a point strongly implied, if not explicitly stated); and

3. A more realistic discount rate of 1.66 percent should have
been used (instead of the 10 percent rate).

The authors take exception to all of these points, and will
address each of them in turn.

Point 1. Bealey appears to have missed the point here. The
authors never did, in fact, state that the LCC analysis of Army
drainage structures was subject to the requirements of A-94,
or that the 10 percent discount rate was mandated by A-94
for such applications. In our discussion of discount rate, we
stated that “Congress has stipulated that diverting investment
capital from the private sector (by taxation) for use on public
sector projects can only be justified when that capital earns
a real rate of return at least as high as that achievable in the
private sector,” and that ““this rate is 10 percent at the present
time,"" with a reference to A-94. That rationale is clearly valid
regardless of whether or not the analysis is exempt from the
provisions of A-94.

Point 2. We do not agree with Bealey on this point. Our
position was—and remains—that the 10 percent real discount
rate was the appropriate rate to use, even if its use is not
mandated by A-94 in connection with LCC analyses for design
of Army drainage structures. The basis for that position was
clearly presented in the paper (although it appears that Bealey
misinterpreted it). A point we did not make explicitly in the
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paper, but clearly should have, is that the 10 percent discount
rate was the appropriate rate to use in any case. Its use is
mandated by the provisions of the Army criteria documents
cited in the background section of the paper—Army Regu-
lation (AR) 11-28 (Economic Analysis and Program Evalu-
ation for Resource Management) and Army Technical Man-
ual (TM) 5-802-1 (Economic Studies for Military Construction
Design—Applications). Although it could be argued that LCC
analyses for design of Army drainage structures are exempt
from the provisions of A-94 (as Bealey does), and perhaps
even from the provisions of AR 11-28 (although this would
be more difficult to argue), such analyses are certainly not
exempt from the provisions of TM 5-802-1. That document
establishes the governing criteria and standards for the con-
duct of all LCC analyses by and for the Department of the
Army in connection with the design of facilities in the military
construction program.

Point 3. Although we do not take issue with the fine work
of Kerr and Ryan—cited by Bealey as the basis for his asser-
tion that we should have used a real discount rate of 1.66
percent for the analysis—we do not agree that the results of
the Kerr and Ryan effort are applicable here (i.e., to the
conduct of LCC analyses in support of the design of Army
facilities).

In conducting an LCC analysis in support of the design of
an Army facility, the designer-analyst is deciding whether it
would be more economical, on a total cost-of-ownership basis,
to select Alternative A—the design alternative that is least
expensive in terms of cost to purchase-construct initially—or
Alternative B—a more expensive design alternative, which
will cost less to operate, maintain, and repair over its design
life. If Alternative A is selected (instead of Alternative B),
the taxpayer will have to pay less taxes for the year(s) in
which the facility is constructed, but will have to pay more
taxes for the years that the facility is in use. If Alternative B
is selected, the reverse will be true. It appears to us, therefore,
that—on a conceptual level—the role of the government in
this decision process is that of an investor of capital (on behalf
of the taxpayer).

The position of the Joint Economic Committee of the Con-
gress’ Subcommittee on Economy in Government (Subcom-
mittee on Economy in Government, 1968) is that it is the
opportunity cost of displaced private spending—and not the
cost to the U.S. Treasury of borrowing—that should serve
as the basis for defining the discount rate to be used in public-
sector economic analyses. The subcommittee states specifi-
cally in the preceding reference that “no public investment
be deemed ‘economic’ or ‘efficient” if it fails to yield overall
benefits which are at least as great as those which the same
resources would have produced if left in the private sector.”
In a classic work, Stockfisch (1) has shown that a real discount
rate of 10 percent is the appropriate rate of return to use in
this regard.

The 1.66 percent real discount rate recommended by Bealey
is calculated from a nominal discount rate that is tied directly
to the “‘treasury bill rate for federal projects” (according to
Bealey) (i.e., to the government’s cost of borrowing). The
Subcommittee on Economy in Government specifically rejects
this approach in no uncertain terms (2). The subcommittee
states specifically in the preceding reference: “In past dis-
cussions within the Government . . . an interest rate equal to
the cost to the Federal Government of borrowing has been
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supported . . . Implicit in this position is the presumption that
the Government is an independent organization which should
seek the greatest differential between its revenues and outlays
as does a private business. The subcommittee rejects this view
of the Federal Government when it functions as an investor
of capital.”

Accordingly, in our view, the 10 percent real discount rate
actually used in the analysis is the appropriate one to use,
and the 1.66 percent rate urged by Bealey is not appropriate.

As for installation costs, more care, compaction, and select
material is required for proper installation of flexible pipes.
However, the Corps of Engineers has tailored their compac-
tion specifications to allow the widest possible selection in,
and therefore economy of, backfill material. Also, the reduced
wall thickness of flexible pipes allows for smaller excavation
quantities, lighter pipe sections allow use of less expensive
lifting and loading equipment, and longer pipe sections result
in less labor for jointing. Rigid pipe may or may not be less
expensive to install than flexible pipes. The correct installation
costs to use in LCC analyses are those used by local contrac-
tors to bid each alternative.

Cuivert replacement can be cheaper than initial construc-
tion. Detour, delay, and resurfacing costs are insignificant for
unsurfaced, tertiary roads, and labor costs may be borne by
separately funded maintenance forces, not subject to contract-
administration overhead.

The California method is based on actual field performance.
Corrosion from both sides is therefore considered, although
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corrosion from the more aggressive side usually dominates
the overall deterioration rate. The National Corrugated Steel
Pipe Association points out that a CSP may provide satisfac-
tory service until most of the invert is lost, which can be double
the time to first perforation predicted by the California method.
This results in a 50-year service life for CSP. Asphalt coating
with paving, used in the example, is significantly more durable
than plain asphalt coating. The authors used the 25-year coat-
ing life suggested by the American Iron and Steel Institute
and others in the pipe industry. The design engineer must
exercise engineering judgment in selecting design service lives,
but these values are reasonable for a hypothetical example.
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Life Cycle Cost Analysis: Key Assumptions
and Sensitivity of Results

THOMAS ]. WONSIEWICZ

The growing use of life cycle cost techniques has brought to
the surface some misconceptions and apparent conflicting
approaches. Examined in this paper is the underlying basis for
the two general approaches of selecting discount rates and
dealing with inflation. The opportunity cost approach is endorsed
as being the most effective in allocating resources. Suggestions
are provided on how to evaluate the differential interest-infla-
tion approaches being offered. Sensitivity analyses are used to
show the relative insignificance of variations in design life,
salvage value, and rehabilitation cost assumptions on results.
By clarifying and putting these issues in a commonsense per-
spective, the reader should be able to use least cost analysis
techniques with improved confidence.

Least cost analysis techniques are not new, although their use
in the selection of economical project alternatives seems to
be increasing. The approach, in general, is reasonably
straightforward and provides a way to evaluate competing
alternatives that have differing series of expenditures over the
life of the project.

As simple as it all sounds, the practitioner can often be left
bewildered by what seems to be conflicting information con-
tained in articles on the subject and advice offered by ener-
getic material suppliers.

The objective of this paper is to identify the more critical
assumptions and to demonstrate the sensitivity of the results
to variations in certain assumptions. This will put some of the
more confusing issues into perspective and thereby result in
improved confidence in the proper application and use of least
cost analysis techniques.

TECHNIQUES
General

Mathematical formulas will not be presented in this paper.
They are readily available in numerous texts on the subject.
Inexpensive hand-held business or financial calculators are
recommended as they readily handle the required computa-
tions.

The cost data used are intended to be realistic in their
proportions, and represent typical competitive market con-
ditions between corrugated steel pipe (CSP) and reinforced
concrete pipe (RCP).

Lane Enterprises, Inc., 3705 Trindle Road, Camp Hill, Pa. 17011.

Base Information

The following data pertain to three alternative drainage struc-
tures intended to satisfy a 50-yr design life requirement.

1. Alternative A: Galvanized CSP with an initial cost of
$195,000 and a projected service life of 40 yr, followed by
invert maintenance at 25 percent of initial cost ($48,750) to
satisfy required design life.

2. Alternative B: Asphalt-coated CSP with initial cost of
$214,500.

3. Alternative C: Reinforced concrete pipe with an initial
cost of $230,000.

Present Value

Of the three choices, only Alternative A needs to be analyzed
to determine the present worth of the projected maintenance
cost in Yr 40. The present value of Alternates B and C are
equal to their first costs because there are no significant future
expenditures.

In the case of A, at a discount rate of 9 percent, the present
value is as shown in Table 1. The simple approach shows, for
the assumptions used, that when ranked on a present value
basis, Alternative A is the lowest cost alternative.

Average Annual Cost

This technique takes the present value calculation one step
further. It is sometimes referred to as a sinking fund payment.
In a way, it is similar to a mortgage payment. It represents
the annual amount that would yield, over the project life, the
total present value based on the stated discount rate. Accord-
ingly, based on a 9 percent discount rate and a 50-yr project
design life:

Cost (3) A B &
Total current 243,750 214,500 230,000
Present value at 9 percent 196,550 215,500 230,000

Average annual 17,930 19,660 20,980
(50 yr @ 9 percent)

Both the present value and average annual cost methods
result in the same ranking of alternatives.

A potential error can occur if the material service life for
each alternate is used to calculate the average annual cost.
For the comparison to be fair, the project design life should
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TABLE 1 PRESENT VALUE OF ALTERNATE A AT
DISCOUNT RATE OF 9 PERCENT
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TABLE 2 PRESENT VALUE OF $1.00 EXPENDED AT
VARIOUS INTERVALS AND DISCOUNT RATES

Current
Year Dollars Present Value at 9 Percent
Factor Amount ($)
0, initial cost 195,000 1.0000 195,000
40, rehabilitation 48,750 0318 1,550
Total 243,750 196,550

Year Discount Rate (percent)
3 6 9
0 1.00 1.00 1.00
25 0.48 0.23 0.12
50 0.23 0.05 0.01
75 0.11 0.01 0.01

always be used so that all competing alternates are on an
equal footing.

Differential Cash Flow Comparisons

Although not widely used in engineering assessments, this
technique is frequently used in private industry to evaluate
capital expenditure decisions. Essentially, it compares the cash
flow of competing allernatives, and solves for an interest rate,
It is often referred to as a discounted cash flow analysis that
results in an internal rate of return. The magnitude of the
resulting interest rate is used to judge the relative attractive-
ness of spending a higher sum initially to avoid future expend-
itures. Expenditures that do not meet some specified mini-
mum rate of return are usually avoided. Generally, cost of
capital is considered to be at least 10 percent.

A comparison of Alternates A and C results in the follow-
ing:

Difference
Cash Flow (3) C A (C-A)
Year 0 230,000 195,000 35,000
Year 40 = 48,750 (48,750)
Total 230,000 243,750 (13,750)

The internal rate of return in this case is 0.83 percent, or
less than 1 percent. This represents the discount rate at which
the $48,750 of future expenditures avoided are equal to the
$35,000 increased initial cost. Said another way, the added
$35,000 investment to avoid a $48,750 future cost results in
less than a 1 percent return on investment—by any measure,
a poor return.

Because the results of a discounted cash flow comparison
can be directly interpreted as a return on investment per-
centage, it serves as a useful way to gauge the significance of
difference in present value amounts.

INTEREST AND INFLATION
General

The method of handling these two components probably con-
tributes to most of the confusion in developing least cost
comparisons. There are many articles and texts that go on al
length about whether to inflate or not, by how much, and
what should be used for interest rates. The logic for each
seems coherent and yet, depending on the approach used, the
calculations often result in completely different choices
appearing to have the lowest cost. How can that be?

Why Are Results So Sensitive?

The answer lies in gaining an understanding of how the results
are affected over a range of discount rates. In general, greater
significance is given to future spending at low discount rates
and less significance at high discount rates, as shown in Table
2 and Figure 1.

In contrast to the three-times increase in discount rates from
3 to 9 percent, there is a 23-times decrease in the significance
in the present values of expenditures occurring in Yr 50 (0.23
versus U.01). Also, because present value factors behave expo-
nentially, a 3 percentage point difference at higher rates (9
percent versus 6 percent) has less of a present value signifi-
cance than the same 3 percentage point difference at low rates
(3 percent versus 6 percent).

In practical terms, if an alternate were to require a future
expenditure equal to the initial investment some time between
Yrs 25 and 50, that expenditure would represent a much more
significant portion of total present value at a 3 percent dis-
count rate, and much less at 9 percent.

Significance of Future Expenditure
as Percent of Total Present Value

Discount Rate (%) Year 25 Year 50
3 32 19
9 11 1

Generally, those who promote the recognition of inflation in
least cost analysis wind up using relatively low discount rates,
and those who exclude inflation use higher rates. So who is
correct?

$1.00

.80

.60
40

.20

00

T T i
Years 25 50 75

FIGURE 1 Graph of present value of $1.00
expended at various intervals and discount
rates.
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To Inflate or Not To Inflate

Recognition of inflation is a matter of policy. Strong argu-
ments can be made for both techniques. As will be seen, the
results of each approach require different interpretations.

In actual practice, both approaches are used. The Water
Resources Council of the U.S. Department of the Interior in
a report entitled, Economic and Environmental Principles and
Guidelines for Water and Related Land Resources Implemen-
tation Studies (1), established evaluation principles to be fol-
lowed by the Corps of Engineers, Bureau of Reclamation,
Tennessee Valley Authority, and the Soil Conservation Serv-
ice for water resource project plans. The report states that
all costs are to be at a constant price level and at the same
price level at the time of the analysis and as used for the
computation of benefits [Section XII 2.12.4 (b) and (i)].

Similarly, Department of the Army Technical Manual, TM
5-802-1, Economic Studies for Military Design—Applications
(2), indicates that the rate of inflation of the economy as a
whole will be neglected in all least cost calculations. Although
provisions are made to recognize differential cost growth (where
particular costs or benefits are expected to change at rates
different from the economy as a whole), it concludes that, in
general, the differential growth rate will be assumed to be 0
(Chapter 2-2.b.(7)-C).

Although the foregoing suggests that inflation is not con-
sidered at the federal level, practice at the state level is mixed.
Based on the 20 states and provinces that responded to the
Transportation Research Board survey, National Cooperative
Highway Research Program Synthesis of Highway Practice
122, Procedures for Selecting Pavement Design Alternatives,
(3) and that provided meaningful descriptions of their tech-
niques, eight states recognized inflation in their life cycle cost
evaluations.

Opportunity Value or Cost of Money

The previously mentioned Department of the Army Technical
Manual describes the “opportunity value” basis for evaluation
(2). It states: [Chapter 2.-2.b.(4)] “The prescribed annual
discount rate of 10 percent should be viewed as the minimum
‘real’ rate of return—i.e., the net rate of return, over and
above the rate of inflation—to be achieved by public sector
investments. The Office of Management and Budget, at the
recommendation of the Joint Economic Committees of Con-
gress, has determined that withdrawal of investment capital
from the private sector by taxation can be justified only when
the capital is used to finance public sector investments for
which the real rate of return is at least equal to that achiev-
able on the average in the private sector (estimated to be 10
percent).”

This position is fairly close to that commonly used in indus-
try. That is, money has value and the competing demands for
its use exceed the supply. Using a minimum rate of return
screens out the poorer prospects. At the same time, inflation
is not expressly calculated because it is believed that both
costs and benefits are similarly influenced.

Another commonly held position is to use a discount rate
that is related to the cost of borrowing. Typically, the interest
rate associated with long-term federal, state, or municipal
securities is used. This approach makes the choice between
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alternatives only on the basis of the cost of borrowing. How-
ever, the cost of borrowing a given sum is not necessarily the
best measure to determine whether an additional sum for a
higher cost alternate is warranted.

The difference between the concepts of opportunity value
and the cost of borrowing is fundamental and requires the
user to make a policy choice. As noted earlier, when the
discount rates are high enough, there is generally little dif-
ference in the resulting answer for most drainage projects. In
other words, if an agency has a 9 percent borrowing rate, it
would come to the same choice of alternates as it would if it
used the Department of the Army’s 10 percent discount rate.

Inflation

Those who do recognize inflation in their calculations are
generally concerned that the savings from an alternate with
a lower initial cost may not be sufficient to cover the actual
costs incurred in the future. A common approach is to assume
an across-the-board inflation factor, project future costs, and
then discount the resulting cash flows to their present value.
Some formulas require specific assumptions on inflation and
discount rates; others deal only with the differential between
the two rates. The end result is aimed at identifying the alter-
native with the lowest real cost.

Although the concept is sensible, its application can be
troublesome, especially for projects with long design lives.
The first comes with rate selection. Aside from the basic
choices of discount rates (opportunity or borrowing costs)
what do you use for inflation? How do you apply it? Should
a flat rate be used across the board or should different ele-
ments (e.g., labor, materials, energy) be treated independ-
ently (4, 5)? How do you predict it? If nothing else, the
analysis becomes much more complex.

Another major problem is the determination of an accept-
able real rate. Whereas most decision makers would be com-
fortable accepting a 9 or 10 percent return on their investment,
how would they feel about accepting a 2 percent real rate of
return? For that matter, how about 2 percent or 3 percent?
Simply put, most people do not have a practical feel for using
real discount rates.

Rate Selection

For long-life projects, rate selection should be a matter of
policy similar to the basic choice between using opportunity
costs as compared with borrowing costs. Historical trends are
useful, but should be viewed for what they are: a guide. Cer-
tainly, recent history and economic projections should be given
higher weighting than data from 3 or 4 decades in the past.
Above all, common sense should prevail. Some techniques
being promoted sound logical but do not make sense. For
example, one published approach recommends that inflation
should be recognized, and used the differential rate approach.
The calculation was based on the long-term relationship of
municipal bond rates to the consumer price index of 0.9953.
If a long-term municipal bond rate of 8 percent is used in
conjunction with this ratio, it implies a long-term inflation
rate of 7.96 percent. By difference, the real value of money
is only 0.04 percent. This just does not make sense. No inves-
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tor or taxpayer would agree to such a small value, real or
otherwise.

Recommendations

The National Corrugated Steel Pipe Association (6) agrees
with the general approach used by the Department of the
Army and, similarly, that of the Department of the Interior.
The Association recommends using a 9 percent discount rate
and excluding adjustments for future inflation.

For those who, by policy, must specifically identify infla-
tion, a rate of 5 percent in conjunction with the 9 percent
discount rate is recommended.

DESIGN LIFE
General

Least cost analysis techniques require that some period of
time be selected. However, there is uncertainty as to how
long the period should be. In many cases, policy controls.
Fifty yr is commonly used for primary state highway culverts.

The choice of design life should be independent of the
materials available. Two practical parameters that should be
considered are the risk of obsolescence and the availability
of funds. The future likelihood of needing increased capacity,
the options available to increase capacity in the future, and
a risk of complete facility abandonment will serve to place an
upper limit on design life. Similarly, fiscal limitations often
dictate the limit of spending and therefore influence design
life. You cannot spend what you do not have.

In the case of drainage pipe, the exact number of years the
pipe is required to perform is less important than a reasonable
estimate of the timing and magnitude of future expenditures.
For example, even in the situation where invert repair is pro-
jected, the resulting extension in service life can normally be
expected to go well beyond the 50-yr mark. From the point
of view of the calculation, the year of rehabilitation and cost
are the only data needed.

Material Life

Some methodologies impose a symmetry of lives position in
computing present value. That is, the longest life material
governs, and the shorter material life must be replaced as
many times as necessary to be equal.

The primary flaw with this approach is that the project
design life should determine the calculation period, not the
material life. Material life in excess of the design life is imma-
terial. Materials with shorter life spans need to be either replaced
or rehabilitated.

In the case of CSP, invert repairs can extend serviceability
for another life cycle at a cost far lower than complete replace-
ment. Prudent inspection programs, even at only a 10-yr fre-
quency, will permit timely repairs while they are still inex-
pensive.
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Residual-Salvage Value

Salvage value is usually taken to mean the benefit of being
able to use a given material at the end of a project. In practice,
it occurs fairly infrequently with drainage pipe. When it does,
the extra cost associated with careful removal has to be weighed
against the value of the material. An objective review of
current practices on replacement projects shows that the prob-
ability of salvage is low.

In contrast, residual value is sometimes taken to mean the
calculated value associated with a material that can continue
to provide service beyond the project design life. To be valid,
either the capacity requirements at the end of the original
design life will not need to be changed or, if an increase is
necessary, the existing line can continue to provide service
without any effect on adding the increased capacity. The
mathematics used by some to calculate residual value should
be approached with caution. One published example uses a
design life of 50 yr, a 100-yr material life, a 7 percent interest
rate, and a 5 percent inflation rate. It concludes that the 50
yr of remaining service life at the end of the 50-yr project
design life represents an “immediate 19 percent benefit” to
the owner that results in a life cycle cost of 81 percent of the
actual bid price. Although the mathematics are internally con-
sistent, most owners would not agree with this conclusion. A
possible savings 50 yr down the road would not be considered
as “‘immediate”’.

Whereas salvage or residual values may have significance
in short-life projects, which have unusual once-and-done
requirements (temporary pumps, generators, etc.), they usu-
ally have little significance when applied to long-life drainage
projects.

SENSITIVITY EXAMPLES
General

The information contained in this section is intended to pro-
vide a perspective on the sensitivity of the present value to
variations in certain assumptions. The basic information per-
taining to Alternates A and C, introduced earlier, will be used
throughout. Data will be shown using a 9 percent discount
rate and no inflation, as recommended in this paper, as well
as for an inflation-interest combination of 5 percent and 9
percent, respectively.

Salvage-Residual Value

The information in Table 3 gives an indication of the effect
of a broad range of salvage value assumptions. It can be noted
from this table that salvage value is not a significant factor.
Even under the most extreme condition (30 percent of original
cost) it represents a value that is less than 5 percent of the
initial cost:

Sensitivity of Present Value of Salvage
as A Percent of Initial Cost

Interest (%) 10 20 30
9 0.1 0.3 0.4
5/9 1.6 3.1 4.6
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TABLE 3 EFFECT OF BROAD RANGE OF SALVAGE
VALUE ASSUMPTIONS

Alternate A Alternate C
$) Salvage Value ($) at % of
Year Initial Cost
10 20 30
0 195,000 230,000 230,000 230,000
40 48,750 - - -
50" - (23,000)  (46,000)  (69,000)
Total 243,750 207,000 184,000 161,000
Present value
At 9 percent 196,600 229,700 229,400 229,100
At 5 percent/9
percent 205,900 226,400 222,900 219,400

« Rehabilitation cost.
 Salvage value.

TABLE 4 SIGNIFICANCE OF TIMING OF FUTURE
REPAIR COSTS RELATIVE TO INITIAL COST

Alternate A
Year Invert Repair Cost ($) at Year
40 25
0 195,000 195,000
25 - 48,750
40 48,750 =
Total 243,750 243,750
Present value
At 9 percent 196,600 200,700
At 5 percent/9 percent 205,900 214,100

Rehabilitation Costs: Timing

The significance of the timing of future repair costs relative
to the initial cost is shown in Table 4. It should be noted that,
despite a significant acceleration in the assumption about invert
repair, the effect on the present value is less than 5 percent:

Sensitivity Difference in Present Value as A
Percent of Initial Cost

Interest (%) 25 Versus 40 Yr (%)

9 2.1
59 4.2

Rehabilitation Costs: Magnitude

The example given in Table 5 portrays the significance of an
increase in rehabilitation costs from the base assumption of
25 percent of original costs to 40 percent. Similar to the pre-
vious example, even this significant increase in rehabilitation
cost results in less than a 4 percent increase in present value
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TABLE 5 SIGNIFICANCE OF INCREASE IN
REHABILITATION COSTS FROM 25 TO 40 PERCENT OF
ORIGINAL COSTS

Alternate A
Invert Repair Costs (§) at %

Year of Initial Cost
25 40
0 195,000 195,000
40 48,750 78,000
Total 243,750 273,000
Present value
At 9 percent 196,600 197,500
At 5 percent/9 percent 205,900 212,500

in relation to the initial cost:

Sensitivity Difference in Present Value as A
Percent of Initial Cost

Interest (%) 40 Versus 25 Yr (%)

9 0.5
519 3.4
SUMMARY

Least cost analysis techniques are a front-line tool to aid in
the selection of alternatives and to see that limited financial
resources are spent prudently. Because some of the approaches
being promoted appear to be contradictory, the user must be
on guard. The most crucial assumption is the basis for the
proposed discount rate. Low rates should be rejected on a
commonsense basis. Additionally, the sensitivity calculations
show that for long-life drainage projects, variations in design
life, salvage value, rehabilitation costs, and timing have only
a small effect on total present value.
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Service Life Model Verification for
Concrete Pipe Culverts in Ohio

Jorn OweN HURD

Separate analyses of reinforced concrete pipe durability data
collected by the Ohio Department of Transportation were con-
ducted by the Ohio Department of Transportation and another
research agency. There was a large discrepancy in the service
life predicted for culverts installed in nonacidic sites between
the two models. This study was initiated to establish which
model was the most accurate. An inventory of older reinforced
concrete pipe installations was compiled. The age of many of
these culverts approached the very conservative service life
predicted by the linear model developed by the other agency.
The total number of 196 culverts inspected included 70 culverts
installed before 1940, 89 culverts installed from 1940 to 1949,
and 37 culverts installed from 1950 to 1969. The culverts were
evaluated using a revised, more detailed rating system and
predicted service lives extrapolated from the rating and age at
the time of inspection. It was found that the linear model
significantly underpredicted service life of reinforced concrete
pipe for a flow pH range above 4.5 and that the Ohio Depart-
ment of Transportation model provided a reasonable estimate
of projected service life for the entire pH range studied.

In 1982, the Ohio Department of Transportation (ODOT)
published a comprehensive research report (7) that provided
information on the durability of various culvert materials. As
part of this report, predictive equations for the service life of
reinforced concrete pipe culverts were presented. These equa-
tions were developed from data collected in 1972 at 545 con-
crete pipe culvert sites throughout Ohio. These sites encom-
passed a wide range of topography and environmental
conditions. The condition of the concrete pipe culverts was
evaluated by means of the following visual rating system:

1. Excellent—condition of concrete as constructed.

2. Very Good—discoloration but no loss, corrosion, or
softening.

3. Good—slight loss of mortar leaving aggregate exposed.

4. Fair—moderate loss of mortar and aggregate, slight
softening of concrete.

5. Poor—significant loss of mortar and aggregate, com-
plete loss of invert, concrete in softened condition.

It is rcadily apparcnt that the comparative times required (o1
delerioration between progressive ratings were not equal. For
the purpose of analysis, however, arbitrary linear numerical
values of 0 to 4 were assigned to the visual ratings. The pre-
dictive equations for concrete culvert rating derived from the
analysis were for pH less than 7.0

Ohio Department of Transportation, 25 S. Front Street, Columbus,
Ohio 43215.

0.76

10 (age ©'*(slope)"-" B @ 1
(pH)!* rise

Rating =

and for pH greater than or equal to 7,

K(agc)ll, I7(s]0pc)ll.“5-l

Rating = : : 2
E (velocity rating)™0s% &
where
sed = sediment depth in inches,
rise = pipe rise in inches,
slope = pipe slope in percent,
age = culvert age in years,

velocity rating = 1 for rapid, 2 for moderate, 3 for slow,
9 for nil, and
K = 0.9 for nonabrasive flow, 1.2 for abrasive
flow.

These equations accounted for the nonlinearity in the time of
deterioration between successive ratings by the power on the
variable age. The fact that this power of approximately % to
Y7 is so much less than 1 (power = 1 indicating a linear
relationship between rating and age) is indicative of the extreme
nonlincarity of the time required for progressive deterioration
between successive ratings. The comparative times of dete-
rioration for the various ratings are illustrated in Figure 1.
This nonlinearity of the rating system was discussed in detail
in the 1982 ODOT report (I).

Conservative predictive equations for concrete pipe service
life were obtained by setting the numerical rating value equal
to 3.5 (between fair and poor) and solving Equations 1 and
2 for age. The resulting service life equations were for pH
less than 7.0,

-3912
N [0.349(pH)! 2776 sed
S life = ————~—+— =P
ervice life (slope)? ™ 1 o 3
and for pH greater than or equal to 7.0,
59
et S g /3.5\ (velocity rating)°5?
VCIVILT 1IC — \?/ (SlOpe)OJl 4)

Because of the rather crude and biased rating system used,
questions were raised regarding the possible conservatism of
the predictive equations for the acidic pH range. The greatest
concern was based on the observation that the fair and poor
ratings covered too wide a range of actual material condition
ranging from moderate mortar loss to complete loss of invert.
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ratings, ODOT/L&D/82-1.

Pipe with moderate mortar loss could have several decades
of useful service still remaining, whereas complete loss of
invert would require repair or replacement.

Because of these concerns, a follow-up study (2) of culverts
at acidic flow sites was conducted in 1984. The original data
set for acidic flow was expanded to include additional sites.
The sites from the previous work were included with an addi-
tional 12 years of service. It should be noted that no culvert
rated fair or poor from the initial study had been replaced
and all were functioning well with no structural distress at the
time of the follow-up study. Except for one culvert installed
on an 18 percent slope with a flow pH equal to 3.0, no culverts
were observed with complete loss of invert in either the initial
or the follow-up study. Otherwise, the worst condition observed
was deterioration through the inner reinforcing mesh. This
represents about a 1-in. thickness of concrete loss.

The more refined rating system described in Transportation
Research Record 1008 (2) was used to evaluate the culverts
in 1984 as follows:

0 As manufactured,

10 Slight loss of mortar, aggregate exposed,
20 Moderate loss of mortar, aggregate exposed,
30 Significant loss of mortar, slight aggregate loss,
50 Moderate aggregate loss,
60 Significant aggregate loss,
70 Severe aggregate loss,

80 Reinforcing exposed at a few places,
90 Reinforcing exposed throughout the pipe, and
100 Reinforcing gone.

This rating system represented a definite improvement over
the 1972 rating system, described earlier in this paper, for
two reasons. First, ratings above 95 more accurately describe
a pipe with loss of reinforcing that could adversely affect the
structural integrity of the pipe. This rating could be defined
conservatively as the rating at which end of service life occurs.
However, as shown in Figure 2, substantial wall thickness
would still remain protecting the pipe foundation from ero-
sion. Second, the number of ratings for culverts with greater
degrees of deterioration was expanded.

This 1984 rating system attempted to provide an equal num-
ber of ratings for all stages of deterioration. The power of
age in the resulting equation for concrete pipe rating indicates
a closer approximation of equal times of deterioration between
successive numerical ratings.

1.46
6.5 (age)"*(rise)! ®(slope)®> sed
(pH)*"8 rise

Rating =

(%)
The power on age has been increased from approximately
Ys to more than 2. However, even with the refined 1984 rating
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system, a true linear relationship between numerical rating
and age was not obtained. The comparative times of deteri-
oration for the various ratings are shown in Figure 3. Use of
a linear model would result in conservative service life pre-
dictions even if the 1984 rating system were used.

A service life equation for concrete pipe at acidic flow sites
was obtained by setting rating equal to 95 and solving for age.
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This equation,

—2.64

123.5(pH)>-5 _ sed
(rise)' *(slope)** rise

Service life = (6)
gave results that compared closely with Equation 3. The range
of service life obtained from Equations 4 and 6 are plotted
versus pH for various combinations of concrete pipe size,
slope, and so on, in Figure 4 for mild, average, and severe
conditions. For this plot, sediment depth is set equal to 0,
which is a worst-case condition but desirable from a hydraulic
design standpoint. It may seem extremely pretentious to
extrapolate approximately 50 to 60 years’ worth of data out
to a four-figure service life for a mild condition. However,
the plot indicates the magnitude of service life that could occur
for certain installations. There have been documented his-
tories of extremely long service life for concrete pipe at instal-
lations throughout the world (3).

In 1986, a separate analysis (4) of the initial ODOT 1972
data was conducted by others. No field observations were
made and no additional data from other states or the ODOT
1985 report were included. Straight-line linear regression
analysis of numerical values arbitrarily assigned to ODOT
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FIGURE 3 Comparative times of deterioration for concrete pipe
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ratings versus age and other independent variables were used
to devclop a predictive linear model for culvert rating.

The problems involved with using a straight linear rela-
tionship between arbitrarily assigned numerical ratings and
age were explained in detail by both ODOT in previous reports
(1) and by Stratfull (5) in reviewing work by others using a
rating system similar to the 1972 ODOT rating system. Any
attempt to force a linear regression relationship between age
and the arbitrary numerical values assigned to the 1972 ODOT
ratings will produce biased service life equations even if the
regression statistics, R? and standard error, appear reasona-
ble. In the case of the 1972 ODOT rating system, the time
required to reach a poor condition would be seriously under-
predicted. This can be seen by observing the forced linear
regression fit for comparative time of deterioration versus
rating in Figure 1. This line is representative of a data set with
an equal amount of culverts in each rating. The underestimate
would be even more pronounced for a data set dominated by
excellent to good ratings, as the 1972 ODOT data set was.
In fact, a linear model could have a higher R? value than a
nonlincar model because of the bias of the data set.

The range of service life (obtained in a way similar to that
for the log-linear model) for the linear model for various
combinations of pipe size, slope, and so on, is plotted in Figure
4 for mild, average, and severe conditions. There is not much
difference between the two models in the extremely acidic
range. However, there is clearly a large discrepancy between

the ODOT and linear models for slightly acidic to high pH
sites. The much lower service life predicted by the linear
model for nonacidic sites is contrary to observations made by
numerous past researchers (6, 7).

Because of the large difference between the two models
based on the same data, this study was initiated to establish
which model was more accurate.

SITE SELECTION

In order to evaluate the two predictive models, an inventory
of all older reinforced concrete pipe installations over 42-in.
diameter or rise was compiled. The 42-in.-diameter cutoff was
selected as in the previous studies because this was the small-
est-sizc pipe that could be conveniently inspected by field
personnel. The fact that the sizes of pipe inspected were more
likely to have dry weather flow would lead to conservative
estimates of service life for smaller pipe. This inventory con-
sisted of 495 culverts installed before 1950, of which 173 were
installed before 1940. Older culverts were selected to provide
a data base population of culverts with ages approaching the
very conservative service life predicted by the linear model.
This inventory is representative of all precast reinforced con-
crete pipe culverts installed during that time period, because
ODOT has no record of having replaced an in-service precast
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reinforced concrete pipe culvert because of invert durability
problems.

The intention was to observe the condition of these culverts,
which were approaching the service life predicted by the linear
model, to determine whether they had reached or were
approaching the end of useful service life. If not, a service
life for each culvert would be projected based on condition
and age at the time of inspection. This projected service life
would be compared with that predicted by the ODOT and
linear models. It was believed that evaluation of old pipe
performance could be used to predict performance of newer
installations. Manufacturing methods have been improved in
the past 50 years, resulting in greater concrete density. How-
ever, the basic material and reinforcing cover requirements
have rcmained similar (8—10).

The 1972 sites used in the data analysis for the 1982 ODOT
report (/) and the linear model report were not deleted from
the inventory because 15 years had passed since they had been
inspected. The 1984 sites used in the data analysis for the
1985 ODOT follow-up report (2) for acidic sites were not
deleted [rom the inventory because the 1985 report had prac-
tically exhausted the population of acidic sites. Without these
sites, there would have been almost no acidic sites with which
to make comparisons. The 1984 data from acidic sites with
installation dates since 1950 were also used to expand the data
base for the acidic pH range. This was consistent with the
inventory selection criterion of culvert age approaching pre-
dicted service life, because predicted service life in the acidic
pH range is much less than it is for the nonacidic range.

The initial intention of this study was to inspect as many
culverts as possible that were installed before 1940 and a
selected number of culverts installed from 1940 to 1949 to
assure geographic coverage of the state. Selection of culverts
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installed in the early 1940s rather than those from the late
1940s was preferred in order to keep the data set as old as
possible. The total number of culverts inspected for this study
was 196. These included 70 culverts installed before 1940, 89
culverts installed from 1940 to 1949, and 37 acidic-site culverts
installed from 1950 to 1969. None of the culverts rated fair
or poor in the 1982 report (1972 inspection) that were inspected
for this study had been replaced. All were still functioning
satisfactorily without signs of structural distress. The locations
of the culverts inspected are shown on Figure 5. Although
not every county in the state was covered, adequate coverage
of areas of the state with common environmental conditions
was attained.

In addition to those culverts inspected, 33 sites were visited
where reinforced concrete pipe culvert of the age indicated
was not found. It appeared that there had never been culverts
at 22 of these sites, or the roadway had been built much later
and that an inventory coding error in the installation date had
been made. At the other 11 sites where culvert replacement
had occurred, district personnel were questioned and records
checked. In no case had the original cuivert (if constructed
of reinforced concrete) been replaced because of problems
with invert deterioration. In each case, the reinforced con-
crete pipe culvert removed was salvaged for later use.

DATA COLLECTED

Based on the results of previous research, the data collected
in each site were limited to the following:

1. Age of the culvert in years based on the inventory instal-
lation date and verified by manufacturers’ marks where pos-
sible;
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2. Culvert pipe diameter or rise in inches;

3. Flow depth in inches;

4. Flow velocity rating (rapid, moderate, slow, and stand-
ing or dry);

5. Sediment depth in inches;

6. Largest frequently occurring bed load particle size in
inches;

7. Flow pH;

8. Culvert pipe slope expressed as a percentage; and

9. Culvert pipe rating (2) of the culvert invert (shown pre-
viously in this paper).

The 1984 ODOT rating system was used to evaluate culvert
performance for several reasons. It provides a larger number
of ratings for invert conditions approaching that condition
defined at end of service life. It comes much closer to rep-
resenting a linear deterioration rate between successive rat-
ings, demonstrated by Figures 1 and 3. Therefore, projections
(cither linear or log-linear) of service life based on existing
rating and age are less apt to be grossly over- or underpre-
dicted. It specifically defines a culvert condition rating (95 to
100) that can be conservatively used as useful service life (i.e.,
in cases in which repair should be considered). This rating
system is independent of the 1972 ODOT rating system used
toevaluate culverts for development of the service life models
inthe pH range with the greatest discrepancy between models.
In gencral, the condition of the culvert invert was consistent
throughout the culvert length and the rating given each culvert
was representative of average culvert invert condition.

The data collected is summarized in Table 1 by rating, age
range, and pH range. It should be noted that several culverts
rated fair or poor on the previous study were reevaluated
using revised ratings. Most of those culverts rated fair or poor
in 1972 except for extremely acidic sites (pH less than 4.5),
were rated between 25 and 65. The age range for these ratings
is less than half way to the end of useful service life, as shown
in Figure 3. A few culverts had been rated fair or poor because
of concrete loss along the haunches caused by shear slabbing,
a structural problem caused by improper installation under
high fills and unrelated to invert durability. A few others had
been rated fair or poor because of concrete spalling on parts
of a few pipe sections resulting from lack of adequate cover
over rcinforcing steel. Although this condition is related to
pipe durability, it should not occur with adequate inspection.
Inadequate cover over reinforcing steel can be discovered
during visual inspection of pipe sections and those sections
rejected.

It can be seen from the table that the only culverts, a total
of 16, showing serious invert deterioration (rating 75 or greater)
are those carrying extremely acidic flow. In fact, only one
culvert carrying nonacidic flow showed even moderate dete-
rioration. This particular pipe appeared to have been home
made and not in conformance with standard specifications
used at the listed time of its manufacture. Wooden form marks
were observed, butt joints had been used, the size of large
aggregate greatly exceeded allowable limits, and very low
cement content mortar appeared to have been used. At the
time of inspection, no culvert rated between 90 and 100 showed
any structural distress caused by loss of reinforcing steel. In
all, 148 (75+ percent) of the 196 culverts whose ages were
approaching that service life predicted by the linear model
were rated 20 or lower. These ratings represent only surface
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TABLE 1 SUMMARY OF DATA FROM CULVERTS
INSPECTED

No. of

Culvert Rating pH Range Culverts

5,10 =50 =7.0 22
4,5-6.9 0
<4.5

4049 =7.0
4.5-6.9
<4.5

30-39 =7.0
4.5-6.9
<4.5

<30 =70
4.5-6.9
<4.5

15, 20 =50 =7.0
4.5-6.9
<4.5

4049 =7.0
4.5-6.9
=7.0

30-39 =7.0
4.5-6.9
<4.5

<30 =7.0
4.5-6.9
<4.5

25, 30, 35, 40 =50 =7.0
4.5-6.9
<4.5

40-49 =7.0
4.5-6.9
<4.5

30-39 =7.0
4.5-6.9
<4.5

<30 =7.0
4.5-6.9
<4.5

45, 50, 55, 60, 65, 70 =50 =7.0
4.5-6.9
<4.5

4049 =7.0
4.5-6.9
<4.5

30-39 =7.0
4.5-6.9
<4.5

<30 =7.0
4.5-6.9
<4.5

75, 80, 85, 90, 95, 100 =50 =7.0
4.5-6.9
<4.5

4049 =7.0
4.5-6.9
<4.5

30-39 =7.0
4.5-6.9
<4.5

<30 =7.0
4.5-6.9
<4.5

Age Range
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mortar loss without any aggregate loss, insignificant deteri-
oration compared with that required for end of service life.
Twenty-one other culverts (11 percent of the sample) were
rated from 25 to 40, experiencing only slight aggregate loss
at worst. If the linear model gave accurate estimates of the
defined service life, more than 50 percent of the culverts
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observed should have been rated 70 or greater. This is defi-
nitely not the case.

SERVICE LIFE MODEL VERIFICATION

Because it was apparent from these observations that the
linear model significantly underpredicted defined service life
for concrete pipe, projected service lives for the culverts
inspected in this study would have to be developed to compare
with the service lives predicted by the ODOT and linear models.
The projected service lives of culverts inspected were esti-
mated by both linear and log-linear extrapolation of the cul-
vert age and rating at the time of inspection.

The direct linear extrapolation of culvert age and ratings
to project service life is in conformance with the linear model
assumption that the actual times required for deterioration
between successive arbitrary numerical ratings are equal
throughout the range of ratings. Thus, for each culvert

Rating @ Age 2 Age2
Rating @ Age 1  Age 1’ ()

100 (i.c., the rating @ end of service life)
Rating @ inspection

Service life

- Age @ inspection 8
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As stated previously in discussion of the more refined 1984
rating system, this method of extrapolation will result in very
conservative estimates of projected service life.

The log-linear extrapolation of culvert age and rating to
project service life is in conformance with the assumption
made in the ODOT power equation model that the actual
times required for deterioration between successive arbitrary
ratings increase, as shown in Figure 3. This increase is related
to the power of age in Equation 5 as follows:

Rating @ Age 2 (Age 2)"5

Rating @ Age 1 (Age 1= % ®)
(Rating @ Age 2)'*  Age 2
(Rating @ Age 1)  Age 1’ " (10)
1.82
100, i.e., rating @ end of service life
rating @ inspection
Service life (1)

N Age @ inspection

This method of extrapolation will result in an average estimate
of projected service life.

Because both the linear and ODOT log-linear models rec-
ognized that increased sediment depths prolonged service life,
the projected service lives for the culverts inspected that con-
tained sediment were reduced by an amount equal to that

— O0DOoT

3000 — — LINEAR

1000

w300

s

-

w

o

z 100

w

»
30
10
3

X PRE 1950
o LOW pH POST 1949

pH

FIGURE 6 Linear projected service life for inspected culverts.
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increase in service lif¢ attributed to the presence of sediment
equal to that observed at the site for each model. The linear
projected service life was reduced by subtracting nine times
the sediment depth in inches. Although this produces an extreme
percentage reduction for short service life at extremely acidic
sites, it was applied throughout the range of data for the sake
of consistency. The log-linear projected service life was reduced
by multiplication by the factor

—2.64
sed

rise

from Equation 6.

The sediment-adjusted linear-projected (Equation 8) serv-
ice lives for the culverts inspected were plotted with the ODOT
and with the linear model curves on Figure 6. Even using the
conservative linear extrapolation that conforms to the linear
theory, only 4 points above a pH of 4.5 fall within the linear
model envelope. Approximately 60 percent of the points above
a pH of 4.5 fall within the ODOT curves and the rest between
the two models. It is demonstrated that the linear model does
not represent defined service life but a conservative lower
bound. The sediment-adjusted log-linear projected (Equation
11) service lives are plotted in Figure 7. Using the log-linear
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extrapolation, only 2 points above a pH of 4.5 fall within the
linear model envelope. All but a total of 11 points fall within
or above the ODOT envelope. It is therefore obvious that
the ODOT service life models more accurately estimate the
projected service lives for old, in situ reinforced concrete pipe
culverts than does the linear model.

CONCLUSIONS

1. ODOT has no record of ever having replaced a rein-
forced concrete pipe culvert because of invert durability.

2. Both ODOT and linear reinforced concrete pipe service
life models reasonably predict service life for concrete pipe
installed in extremely acidic environments (pH less than 4.5).
The linear model is slightly conservative toward the higher
end of this range.

3. The linear reinforced concrete pipe service life model
seriously underestimates concrete pipe service life for the pH
range 4.5 and above.

4. The ODOT reinforced concrete pipe service life model
provides an accurate estimate of concrete pipe service life that
conforms well to projected service life of existing older con-
crete pipe culvert installations.
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FIGURE 7 Log-linear projected service life for inspected culverts.
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5. The ODOT model provides a reasonable estimate of
reinforced concrete pipe life expectancy that can be used in
life cycle cost analysis. However, the actual average service
life of concrete pipe in a pH environment of 6.0 and above
is indeterminate at this time because no pipes in this range
have had invert deterioration close to that defined as useful
service life.

RECOMMENDATIONS

1. The ODOT model should be used in life cycle cost anal-
ysis to estimate service life for concrete pipe in culvert instal-
lations.

2. The ODOT revised rating system, as given in Trans-
portation Research Record 1008 (2), provides an adequate
method to evaluate concrete pipe culverts in future studies
until an improved rating system is developed.

3. The linear model could be used to estimate a lower
bound for concrete pipe service life. If this lower bound value
is used in life cycle cost analysis, lower bound service lives
must be used for all other materials.

4. Site inspections should be performed at each culvert site
to gather data for estimating the service lives of various can-
didate materials in life cycle cost analysis. This can easily be
done during preliminary site surveys.
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In the paper, Hurd demonstrates the development of predic-
tion equations for determining the service life of concrete pipe
culverts in Ohio. Unfortunately, his paper is erroneous both
technically and conceptually.

FATAL CONCEPTUAL ERROR IN SERVICE LIFE
PREDICTION

Given Hurd’s equation, the estimated pH of the flow, the
slope, and the rise of a culvert, an engineer can easily calculate
the service life of a culvert. We regret that it is not possible
to predict the age of concrete pipe culverts using his equations.

When estimating the parameters for his Equation 5, the
regression method used by Hurd assumes that the log of age
is independent of the log of sediment depth, the log of rise,
the log of pH, and the log of slope. Hurd solves Equation 5
to find an equation for predicting age. Using the age predic-
tion equation, he sets rate = 95 to obtain his Equation 6.

This is a fatal error because in Equation 6 the age of con-
crete pipe culverts is given as a function of the four variables:
sediment depth, rise, pH, and slope. But age cannot depend
on these variables in Equation 6 and at the same time be
independent of these variables in Equation 5. His service life
equation must not be used for predicting a particular culvert,
and therefore should be rejected.

RESULTS CANNOT BE REPLICATED

Using Hurd’s data for pH less than 7, we tried to replicate
his method to obtain his Equation 5 for predicting the pipe
rate. However, we are unable to obtain the same results for
the parameters of this equation. Our parameter estimates of
Equation 5 are compared with Hurd’s estimates in the fol-
lowing table:

Parameter Our Hurd's
Descriptions Estimates Estimates
Constant or intercent 7.798 A 50
Exponent of age 0.576 0.55
Exponent of rise 0.957 1.08
Exponent of slope 0.173 0.23
Exponent of (1 —

sediment/rise) 1.659 1.46
Exponent of pH —2.885 —3.08

Furthermore, we are unable to reproduce Hurd’s Figure 7
(Log-linear projected service life for inspected culverts). Using



Hurd

PAGEHSB7 |
] A
l
|
600 +
|
| A
| A
|
400 +
|
|
| A
| A
200 +
| A A
| A AR
1 A AL C A ChA
I AC B CA DAA DAA A
0 * AAA F ABBADABR B
e et L T B TR DY )
0 10 20 30 &0 SO 60

AGE
FIGURE 8 Observed sediment depths and rates.

his equation for pH values of less than 7, we do not get the
same picture. Because he does not find an equation for pH
values greater than 7, we have no idea how he plots the service
lives in this pH range.

UNACCEPTABLE PREDICTION EQUATION

Replicating Hurd’s Equation 6 but using our parameters from
the table shown in the preceding section of this discussion,
we substituted the observed ratings and sediment depths to
plot the relation between the predicted age and the age of
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FIGURE 9 Sediment depths equal to 0 and rates
equal to 95.
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the culverts. This relation (PAGEHS7 versus Age) for pH less
than 7 is shown in Figure 8. Here it can be seen that, despite
the fact that none of the culverts in the data set are more
than 60 years old, according to Hurd's approach many of these
culverts would be predicted to be several hundred years old
(about 30 percent of the predicted ages are more than the
oldest culverts in the sample). Shown in Figure 9 is the same
relation but for sediment depths set to 0 and ratings set to
95. Note that Hurd uses 95 to indicate the terminal condition
of the culverts. The results show that the predictions range
up to nearly 3,500 years. We also tried to use Hurd’s Equation
6 but this results in even larger and unacceptable predicted
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FIGURE 11 Sediment depths equal to 0 and rates
equal to 95 (Hurd’s Equation 6).
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ages. Predicted ages using observed sediment depths and rate
equal to 95 are shown in Figure 10. Sediment depths equal
to 0 and rate equal to 95 are used in Figure 11. We reject
these predictions.

SAMPLE DATA NOT REPRESENTATIVE

We suspect that another problem in this study is that the
sample data are not representative of culverts in Ohio. A
binodal sample distribution of pH values of the observations
is shown in Figure 12. We expect a continuous uninodal dis-
tribution. The relation of age and pH values of the samples
are shown in Figure 13, indicating a “boxing” of ages above
pH = 7, as well as the lack of observations in the pH = 6
region.

To reduce the variability of prediction errors, we believe

that more information is needed about each culvert. This has
been addressed in our recent paper (7).
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Assessment of Conercte Pipe Culverts. Journal of Hydraulic Engi-
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AUTHOR’S CLOSURE

Although the author believes that the commentary presented
by the discussants from Ohio State University is not applicable
to this paper, he will nonetheless briefly address their con-
cerns.

First, the discussants imply that Equation 6 is not a true
valid statistical regression equation. However, nowhere in this
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report or the author’s other referenced work was it ever implied
that Equation 6 is a statistical regression equation that would
produce true average service life for a given set of site con-
ditions. To determine a true average service life for a given
set of site conditions, it would be necessary to wait for all
concrete culverts installed at sites with those conditions to
deteriorate to a specified failure condition, which would not
be practical. However, some method of estimating concrete
pipe service life is required so that it can be compared with
the various available estimates of corrugated metal pipe serv-
ice life.

Equation 6 is simply a mathematical expression for the
mathematical mechanics necessary to produce an estimated
median service life value for a given set of environmental
conditions. That method is to extrapolate a median deterio-
ration rate from a statistical regression equation containing
age and environmental parameters out to a specific failure
value and to determine the age required to dbtain that value
for that set of environmental conditions.

This method is consistent with that used by ODOT to esti-
mate median service life for corrugated metal pipe using the
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models in ‘“The Ohio Culvert Durability Study” (). These
particular models were under review by representatives of the
National Corrugated Steel Pipe Association for more than a
year bcfore publication without any comment being issued by
the Association. The method is also consistent with the meth-
ods used to establish the corrugated metal pipe median service
life curves from the California report, which is endorsed by
the National Corrugated Steel Pipe Association and the
American Iron and Steel Institute. In “Durability Study of
Concrete Pipe Culverts; Service Life Assessment,” Hadi-
priono indicates that the linear model can be used to estimate
median service life by the same methodology [“The service
life is determined by obtaining age from Equation 7, given
PRate = 4.5in.” (4, p. 36)].

Second, the discussants claim that they cannot replicate the
results. The author does not know why unless there have been
transcription errors made in the half dozen or so transcriptions
of the data since it was entered in ODOT’s computer program.
If transcription errors were caused by the action of ODOT,
the author apologizes. However, the original coded data set,
program, and printout are available at ODOT. To demon-
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culverts.

strate that end results are reproducible, one need only observe
the median service life curves in Figures 1 and 3 of Trans-
portation Research Record 1008 (2). Here two models devel-
oped with different data sets and rating systems produce sim-
ilar curves. They diverge somewhat at the higher pH values.
However, it should be noted that the ODOT service life curves
(see Figure 4) cut off this model at higher pH values.

Third, the discussants back calculate estimated values of
age using values of rating and other independent variables of
the data set to show that the same values of age are not
obtaincd and a large scatter exists outside the original age
range of the data. Back calculation to obtain estimated values
of any independent variable in any regression equation will
produce values outside the original range of values of that
independent variable. This is true of both linear and log-linear
models. Although log-linear models will tend to produce some
rather large outliers from back calculations, median values
obtaincd should still be accurate. Back calculation of the dis-
cussants’ linear regression model to estimate age will produce
negative values of this variable. Back calculation to estimate
pH values in the linear model [that uses the log (pH) as an
independent variable] produces pH values 2 to 3 units dif-

ferent from actual, which are 100 to 1,000 times more acidic.
These results are certainly no less reasonable.

Fourth, the discussants question whether the data sets used
in the reports are representative of field conditions in Ohio.
This seems presumptuous, because they have never conducted
field inspections of any of the culverts used for the data sets.
When field data is to be collected, what is there is what is
collected, and the researcher does not have the liberty of
sitting in an office creating a data set with a perfect distribution
of all independent variables.

It appears that the underlying current of all Ohio State
University’s work in this case is to try to show that because
true mean service life values cannot be obtained, life cycle
cost analysis or other service life camparicons cannnt he made
If that is true, then the designer must specify a minimum
guaranteed (bonded) service life for each type of material
specified. This service life should be based on the length of
time the culvert is to serve drainage needs and not merely
the life of the roadway until rehabilitation is needed.

What the discussants have actually done is to take the time
to attack a previous work of the author without providing any
evidence refuting the logic and findings of this report. That
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finding is that the data collected at the oldest concrete pipe
culvert sites in Ohio clearly indicate that median service life
values calculated by using the Ohio State University linear
model are gross underestimates.

If the reader does not trust either regression model, the
reader may use visual line fitting of a median line on Figure
6 to provide a very conservative estimate of median concrete
pipe scrvice life for all conditions (see Figure 14). This is

based on the discussants’ erroneous assumption of a linear
relation of age to the deterioration rating. This was shown in
the paper to be extremely conservative. A less conservative
estimate could be obtained using Figure 7 (see Figure 15).

Publication of this paper sponsored by Committee on Culverts and
Hydraulic Structures.
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Culvert Durability Rating Systems

JorN M. KurpzieL

The culvert condition rating systems used in durability studies
conducted by various private, state, and federal agencies are
reviewed in this paper. The rating scales used in these studies
were analyzed and compared. A new material durability rating
system for both metal and concrete pipe is proposed based on
these comparisons. The rating scale corresponds to the one
used by the National Bridge Inventory and Inspection Pro-
gram. The new system will ensure that all types of culvert
materials are uniformly rated in every study and will promote
the development of a comprehensive data base on the durability
of each product material.

The durability of culverts has been studied at great length
over the past four decades. Many states at one time or another
have conducted at least one study of metal or concrete cul-
verts. Unfortunately, most results have been inconclusive or
controversial. Site conditions have an significant effect on how
long a facility will last. Product materials react differently in
various environments because of inherent strengths and weak-
nesses. Pipe manufacturers, federal, state, and local govern-
ment agencies, and consultants all have different opinions on
the expected service life of culvert materials and the effects
of site conditions.

Durability studies conducted to date have not used a com-
mon rating system, instead most have developed their own.
This does not present any particular problem to the agency
conducting the study but does create problems of correlating
information from various studies into a comprehensive assess-
ment of a particular product’s qualities and durability in dif-
ferent environments.

Information and ratings from one study seldom correspond
directly with those of another, resulting in conflicting data
and possible misinterpretation of the information. The answer
to these problems is a standard rating system for inspecting
and evaluating the condition of the various types of culvert
products. A standard rating system would ensure that all cul-
verts were rated identically, end the guess work of correlating
studies, eliminate the time and effort of developing rating
systems, and eventually provide a comprehensive data basc
on the durability of each product material. With a standard
rating system. various studies could be analyzed to provide
guidance on product service lives.

Evaluated in this paper are current state and federal culvert
durability rating systems and clarifications are developed to
facilitate the use of the Federal Highway Administration
(FHWA) Culvert Inspection Manual (1).

American Pipe Association, 8320 Old Courthouse Road., Vienna,
Va. 22180.

FHWA CULVERT INSPECTION MANUAL

The Federal Highway Administration presents standard
guidelines in their Culvert Inspection Manual (1). This pub-
lication is a stand-alone supplement to the Bridge Inspector’s
Training Manual 70 (2). The manual is a unique and valuable
tool in that it is the first publication to interrelate reporting
procedures, rating systems, and component evaluations. The
primary objective of the manual is to provide information that
will enable users to do the following tasks:

1. Properly inspect an existing culvert,

2. Evaluate structural adequacy,

3. Evaluate hydraulic adequacy and recognize potential flood
hazards,

4. Rate the condition of the culvert,

5. Document the findings of a culvert inspection,

6. Recognize and document traffic safety conditions, and

7. Recommend corrective actions.

To meet these objectives, recommendations are made in
the manual for procedures for conducting, reporting, and doc-
umenting a culvert inspection, and guidelines for inspecting
and rating specific hydraulic and structural culvert compo-
nents are also provided. Major culvert components, such as
shape, joints, seams, footings, and material conditions for
metal pipe, and alignment, joint, material, and footing con-
ditions for concrete pipe are described and evaluated to assist
the inspector in identifying common types of culvert distress
and recognizing their significance. Detailed provisions and
guidelines are provided for each type of metal and concrete
pipe configuration (Tables 1 and 2).

Recommended in this paper are changes in the assessment
and rating of material durability conditions for metal and
concrete pipe to improve inspection procedures and evalua-
tion of data. Although distress conditions of both materials
are presented in the manual in a systematic and well-struc-
tured way, a greater degree of detail is necessary in the con-
dition descriptions to ensure that unique characteristics and
features are associated with each rating number in order to
eliminate subjective interpretation by an inspector.

Slight modifications to the culvert rating system will be
based on the information contained in the durability studies
from the various states analyzed. The proposed rating of
material evaluations, based on the system used in the Bridge
Inspectors Training Manual 70 (2), is as follows:
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Rating Description

9 New condition.

8 Good condition-no repairs necessary.

7 Generally good condition—potential exists for
maintenance

6 Fair condition—potential exists for major main-
tenance.

5 Generally fair condition—potential exists for
minor rehabilitation.

B Marginal condition—-potential exists for major
rehabilitation.

3 Poor condition-repair or rehabilitation
required immediately.

2 Critical condition-the need for repair or reha-
bilitation is urgent. Facility should be closed
until the indicated repair is complete.

1 Critical condition—facility is closed. Study
should determine the feasibility for repair.

0 Critical condition—facility is closed and is

beyond repair.

RATING SYSTEMS

Culvert rating systems included in available state durability
reports and federal agency publications, as well as pertinent

TABLE 1
METAL CULVERT BARRELS (I)
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Transportation Research Board papers, were examined. A
list of the 151 references resulting from the literature search
is available from the author. Discussion in this paper is limited
to those studies that reflect current practices in each region
of the country (Figure 1).

There are a number of methods used for analyzing culvert
durability. Studies based on percent of metal or concrete loss
provide documentation on the actual pipe wall thickness and
the rate of deterioration, but may not present an accurate
assessment of the culvert’s overall condition. Concrete and
metal loss cannot be rated in a linear fashion. Once abrasion
and corrosion forces start to pit the surface of the metal, the
area exposed to corrosion is increased and the rate of metal
loss accelerates. Ratings of 20 to 30 percent metal loss do not
portray the actual severity of the installation’s condition (Table
3). A culvert with its zinc coating lost, metal heavily corroded
and pitted, and a quarter of its thickness gone was not con-
sidered indicative of a facility in good condition by any of the
other studies examined. Similarly, if 50 percent of a concrete
pipe wall had deteriorated, it could represent a much more
serious problem than a linear rating would indicate. A rating
system should take these effects into consideration.

FEDERAL HIGHWAY ADMINISTRATION'S CULVERT INSPECTION RATING GUIDELINES FOR CORRUGATED

Rating Guidelines for Round or Vertical Elongated Corrugated Metal Pipe Barrels

Rating Condition Rating Condition
9 @ New Condition
8 ® Shape: good, smooth curvature in barrel ® Shape: marginal significant distortion throughout length

- Horizontal: within 10 percent of design
® Seams and Joints: tight, no openings
® Metal:
- Aluminum: superficial corrosion, slight pitting
- Steel: superficial rust, no pitting
7 ® Shape: generally good, top half of pipe smooth but
minor flattening of bottom
- Horizontal Diameter: within 10 percent of design
@ Seams or Joints: minor cracking at a few bolt holes,
minor joint or seam openings, potential for backfill
infiltration
® Metal:
- Aluminum: moderate corrosion, no attack of core
alloy
- Steel: moderate rust, slight pitting
Shape: fair, top half has smooth curvature but bottom
half has flattened significantly
- Horizontal Diameter: within 10 percent of design.
® Seams or Joints: minor cracking at bolts is prevalent in
one seam in lower half of pipe. Evidence of backfill
infiltration through seams or joints.
® Metal:
- Aluminum: significant corrosion, minor attack of
core alloy
- Steel: fairly heavy rust, moderate pitting
5 @ Shape: generally fair, significant distortion at isolated
locations in top half and extreme flattening of invert
- Horizontal Diameter: 10 percent to 15 percent greater
than design
® Seams or Joints: moderate cracking at bolt holes along
one seam near bottom of pipe, deflection of pipe
caused by backfill infiltration through seams or joints.
©® Metal:
- Aluminum: significant corrosion, moderate attack of
core alloy
- Steel: scattered heavy rust, deep pitting

N
®

of pipe, lower third may be kinked
- Horizontal Diameter: 10 percent to 15 percent greater
than design
® Seams or Joints: Moderate cracking at bolt holes on one
seam near top of pipe, deflection caused by loss of
backfill through open joints
® Metal:
- Aluminum: extensive corrosion, significant attack of
core alloy
- Steel: extensive heavy rust, deep pitting
@ Shape: poor with extreme deflection at isolated
locations, flattening of crown, crown radius 20 to 30 feet
- Horizontal Diameter: in excess if 15 percent greater
than design
® 3 in. long cracks at bolt holes on one seam
® Metal:
- Aluminum: extensive corrosion, attack of core alloy,
scattered perforations
- Steel: extensive heavy rust, deep pitting, scattered
perforations
® Shape: critical, extreme distortion and deflection
throughout pipe, flattening of crown, crown radius over
30 feet
- Horizontal Diameter: More than 20 percent greater
than design
® Seams: plate cracked from bolt to bolt on one seam
Metal:
- Aluminum: extensive perforations due to corrosion
- Steel: extensive perforations due to rust
Shape: partially collapsed with crown in reverse curve
Seams: failed
Road: closed to traffic
Pipe: totally failed
Road: closed to traffic

NotE: See Coding Guide for description of Rating Scale. As a starting point, select the lowest rating that matches actual conditions.
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TABLE 2 FEDERAL HIGHWAY ADMINISTRATION’S CULVERT INSPECTION RATING GUIDELINES FOR CONCRETE
CULVERT BARRELS (1)

Rating Guidelines for Precast Concrete Pipe Culvert Barrels

Rating Condition Rating Condition
9 ® New condition
8 ® Alignment: good, no settlement or misalignment 4 ® Alignment: marginal; significant settlement and
e Joints: tight with no defects apparent misalignment of pipe; evidence of piping; end sections
® Concrete: no cracking, spalling, or scaling present; dislocated about to drop off
surface in good condition ® Joinis: differential movement and separation of joints,
7 ® Alignment: generally good; minor misalignment at significant infiltration or exfiltration at joints
joints; no settlement ® Concrete: cracks open more than 0.12 in. with
e Joints: minor openings, possible infiltration/exfiltration efflorescence and spalling at numerous locations; spalls
@ Concrete: minor hairline cracking at isolated locations; have exposed rebars which are heavily corroded;
slight spalling or scaling present on invert extensive surface scaling on invert greater than 0.5 in.
6 ® Alignment: fair, minor misalignment and settlement at 3 ® Alignment: poor with significant ponding of water due
isolated locations to sagging or misalignhment pipes; end section drop off
® Joints: minor backfill infiltration due to slight opening has occurred
at joints; minor cracking or spalling at joints allowing ® Joints: significant openings, dislocated joints in several
exfiltration locations exposing fill materials; infiltration or
® Concrete: extensive hairline cracks, some with minor exfiltration causing misalignment of pipe and settlement
delaminations or spalling; invert scaling less than 0.25 or depressions in roadway.
in. deep or small spalls present. @ Concrete: extensive cracking, spalling, and minor
5 ® Alignment: generally fair; minor misalignment or slabbing; invert scaling has cxposed reinforcing steel
settlement throughout pipe; possible piping 2 @ Alignment: critical; culvert not functioning due to
e Joints: open and allowing backfill to infilirate; alignment problems throughout
significant cracking or joint spalling ® Concrete: severe slabbing has occurrerd in culvert wall,
® Concrete: cracking open greater than 0.12 in. with invert concrete completely deteriorated in isolated
moderate delamination and moderate spalling locations
exposing reinforcing steel at isolated locations; large 1 @ Culvert: partially collapsed
areas of invert with surface scaling or spalls greater ® Road: closed to traffic
than 0.25 in. deep 0 ® Culvert: total failure of culvert and fill

Road: closed to traffic

NoTE: See Coding Guide for description of Rating Scale. As a starting point, select the lowest rating that matches actual conditions.

3

FIGURE 1 Location of study reports, indicated by shaded areas.

LOCATION OF STUDY REPORTS
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TABLE 3 CALIFORNIA STATE RATING SYSTEM (3)
Air
Metal I (@)
Rating Loss (%) Water Splash (inside) (outside) Soil Abrasion

0
10
20
30

‘5‘8 Designates metal loss in the culvert due to the

60 various corrosion components.

70
80
90
100

OO~V WLWNDRO

=]

In some studies, sample coupons from field installations
were used to determine the metal thickness and were the main
basis on which the condition of the facility was rated (Table
4). A major problem with ratings systems based on coupons
is the lack of correlation between coupons and field ratings.
Coupons may not include perforations, or coating blisters,
or thickness loss that may otherwise be observed in field
inspections.

Rating systems based on visual observations are more sub-
jective than the precise techniques used for measuring the
pipe wall thickness, however they are more indicative of a
culvert’s overall performance. Visual condition ratings should
be based on the worst area observed in the culvert because
this will be the most likely point of failure. A uniform rating
system should, therefore, be based on visual ratings with detailed
descriptions of the culvert’s conditions and should include
measurements where appropriate.

The first step in developing a comprehensive durability rat-
ing system is to examine available studies, analyze the rating
systems, and prepare a rating table that most closely reflects
the conditions considered by the majority. On the surface this
may appear to be a straightforward task, but most studies
have a unique goal that is reflected in the rating table. Rating
tables also vary in evaluation of condition ratings. What one
study considers a poor rating may be a fair or critical rating
for another. The range of ratings may also be restricted by
the numbering system used. More broad numbering systems
provide more latitude in rating a structure but they may,
however, prove to be cumbersome if too large. A 0 to 100

TABLE 4 COUPON RATINGS SYSTEMS
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scale, although allowing the rater more room for assessment
than a 1 to 5 scale, is meaningless to the rater and reviewer
il evaluations are other than increments of 10. A scale of 1
to 10 seems to provide the best compromise between maxi-
mum flexibility in rating and maintenance of a distinct sig-
nificance in each number.

Although a scale based on 10 allows easy conversion of
many studies and direct correlation to percentages, it does
not correspond to the most widely used and accepted rating
scale based on 9, which is used in the National Bridge Inspec-
tion Program. By using the bridge program’s 0 to 9 scale,
culvert inspections will follow a national program already in
force. The use of an established rating system would make
adoption and use of culvert guidelines easier, because no
changes to the current bridge system would be necessary and
inspectors would already be familiar with the rating scale. A
common system would help promote more culvert reviews
and result in larger data bases on pipe products.

METAL CONDITION RATING SYSTEMS

The condition rating scales for corrugated metal pipe from
the various state studies are presented in Table 5. There is
no distinction made between steel and aluminum in the tables
because, regardless of actual durability characteristics, the
distress conditions are essentially identical. All state rating
scales have been adjusted to conform to the 0 to 9 scale. For
comparison purposes, the studies were arranged on the scale
according to their original condition guidelines. State condi-
tion ratings for metal culverts were similar in the top values
of 9 and 8. Once a metal culvert had deteriorated past super-
ficial rust, there was little agreement on the rating, and most
studies did not show a uniform systematic progression of dete-
rioration. Rating conditions jumped dramatically from “pin-
point rust” to ‘“‘heavy pitting rust,” with very little, if any,
guidance given to evaluate conditions between these extremes.
Rating descriptions were also not quantitative. Describing a
condition as simply “moderate signs of deterioration” does
not adequately explain the condition. Specific degrees of dete-
rioration should be listed such as depth of rust, degree of
pitting, and amount of thinning of the metal.

The severity placed on the first sign of perforation was
somewhat uniform and represented a critical rating: 1 or 0,

Idaho (4)° Colorado (5)*
Rating Scale Metal Metal Concrete
3 Like new No visible corrosion No apparent change except slight
staining

4 Dull: age weathered to the point Light salt deposit or rusting, Light pitting and/or salt deposits
all zinc luster gone blistering near edges

3 Pinpoint rust: evidence of rust in Mild salt deposit or rusting, Moderate loss of surface mortar
very small areas blistering near edges and salt accumulation

2 Scale rust: large areas of rust Extensive rusting and formation Moderate loss of aggregate
wherein scale can be seen of blisters

1 Pitting: rusted to the extent base Severe corrosion or rusting Extensive aggregate loss, swelling

metal is pitted

Very severe rusting or loss of
adhesion of protective coating

and/or warping of coupon
Total failure of coupon

< From field installations, used reverse scale in report.
b Based on coupons exposed to environmental conditions.
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MAINE (10)

MICHIGAN (11)

MINNESOTA (12)

MISSISSIPPI (13)

Approaching Original
Condilion (Galvanizing
intact)

Superhcial Rusl (no
pitng)

Moderale Rust (minor
pitting)

(+) Fairly Heavy Rust
(moderate pilling, metal
sound)

Galvamzing inlact

(+} Galvamzing parlly
gone. some rus|

Galvanizing gone,
wigniticant meltal loss

Deep pilting, heavy melal
loss, metal can be
perforated with a sharp

Spelter entirely intact

1+) General pinpoint rust

Heavy pilling rust

Heavy pitting rust and
foss of metal in invert.

Speller enlirely intacl

{+) Spelter just gone and
thin rust beginning lo
form in places, no abrasion
and no pilling

Complele loss of spelter
and cansiderable oss of
metal in inveri Pilling and
some abrasion

Decided pitling and
abrasion. Heavy loss of
metal in invert

CALIFORNIA
RATING  FLORIDA (6) KANSAS (7) |LA COUNTY) (8) LOUISIANA (9)
] No corrosion - Galvanizing No corrosion No signs of deterioration
intact
-] Galvanizing inlact Superlicial corrosion
Discoloralion of surface
red or black scale lighily
adhering lo surlace
T Superficial rus| (edges and Shight corrosion Seme Very slight signs of
bolt heads) - No pitting loss of zinc coaling. thin deterioralion and pitling
wealhered to poinl afl zinc Haking and shallow pitting
luster gone ol surface
] (+) Galvanizing partly
gane, some surlace rusl
5 Moderale rust - Rust Hakes Moderate carrosion Deep Maderale signs of
tight, minor pilling. pilting of surface deterioralion and pithing
4 (+) Galvanizing gone
Signilicant melal loss
{aboul 25%)
3 (+) Fairly heaving rusling - Heavy corrosion Build-up
Rusl flakes light, moderate of laminations of rust
pilling, bul metal is sound scale
2 Deep pitting, heavy melal Extreme signs of
loss, tirst perforation deterioration and pilling
visual or under blows of
spike {al least 50% metal
loss)
1 Complete melal loss in (*} Heavy rusting - Rust Heavy corrosion.
aboul 1/2 area of flakes easily removed - Beginning lo perforate
maximum corrosion m Deep pitting Into base
invert melal
[ Melal gone, full width of Heavy rust - Deep pilling Perlorated Signa of complete

and unsound or perforated
areas. Unsound areas
easily perforated with pick
end of geologis! hammer.

area of maximum
corrosion
deainage tool

deteriaration. and the pipe
I$ no longer seful as a

metal probe.

Melal corroded and
abraded (hrough inverl in
small spots. Very heavy
rust and deep pilling in
general over inverl

() Heavy Rusl (deep Starl of perforations.
pilting and some

perforation)

Unsound Areas (oxtensive Melal perforated Entire inverl gone. Enlire invert gone

porforation to bottoa
completely deleriorated)

(+) Indicales intermediale rating - condition may also correspond to Lhe nex! highesl raling
Mational Corrugated Sleel Pipe Associalion.

in all cases. The exact uniform and represented a critical
rating: 1 or 0, in all cases. The exact point of failure, however,
varied for each study. Some considered this point to be the
first perforation, others considered it the deterioration of the
entire invert or the collapse of the facility.

Each study concentrated on a unique durability feature,
with most increasing the number of rating descriptions as the
facility neared failure. One notable exception was the Ohio
report. The upper half of the ratings are very distinct and
clear for conditions representing ‘‘excellent” to “fair” facili-
ties. The “poor” rating, however, constitutes one condition
description and dominates the entire lower half of its rating
system. There is a great deal of deterioration that must take
place for a facility to go from a “fair’”’ condition, which con-
stitutes heavy rust and scale with no penetration, to a “poor”
case is too large to be of benefit to an evaluator interested in
the lower range of conditions approaching failure. The Ohio
report, however, recognized the limitations of the rating sys-
tem used. The predictive equations developed were based
solely on measured metal loss.

The use of the broad “poor” category was reasonable in
this case because they were not concentrating on predicting
failure by means of evaluating metal ratings but only on iden-

tifying those installations that were considered in poor con-
dition. The Ohio report is noteworthy because it illustrates
the importance of understanding the concentration and scope
of the study before reviewing its data.

The Ohio study also highlights another problem with ratings
systems that are skewed heavily in one direction. Reviewers
of a rating scale may assume that there is a linear relationship
for each of the rated conditions. In the case of the Ohio report
and many other studies, this observation would lead to esti-
mation of deterioration to failure sooner than it would actually
occur. Care must be taken to review the rating scale and
conditions before using and comparing data from a particular
study.

The proposed metal rating system in Table 6 provides a
detailed and unique description for each rating from new to
failure Incorporatedinthictable are all changesand additions
to the metal rating descriptions in the FHWA Culvert Inspec-
tion Manual (1). The intent was to provide a rating system
that is easy to understand and has logical increments of dete-
rioration. Major conditional features identified include gal-
vanizing, level of rust, depth of pitting, metal thinning, and
degree of perforations. The ratings in the state studies were
adjusted to reflect the facility condition ratings described in
the bridge rating scale. The effect was the consolidation of
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TABLE 5  continued
RATING OHIO (14) OKLAHOMA (15) OREGON (16) TENNESSEE (17) WASHINGTON (18) NCSPA (19)
] Condltion as constructed, Culvert shows absence of only minor amounis of Zinc like new. Spolter like new

no apparenl loss of
galvanizing (Excellent)

Discoloration but no

scaling or corrosion (Very

Good)

Slight to and scale. pilting
jus! started, isolated spots

of moderate cairosion
{Good)

Moderale to heavy scale
and rusl, no geologisl's

hammer penelration, no
perforalion (Fair)

Penelralion wilh
neolonis_l's hammer,

perforalion. }oss ol invert

{Poor)

thin rusl coatings present as spots or palches of
less than one inch diameters. Spelter inlacl, even
in the inverl area. Geology Hammer: hard blows
will not penelrate (Excellent)

Zinc dull to very dull

Thin coninupus caatings of rusl in muert area
Speller absent in'invert area Some gmall blisters
(scale) eccasionally present Geology Mammer
Hard blow will nol penetrale {Good)

Light rust ilm_shallow
pilling

Thick and scaling rust coatings, piting of culvert
surface noliceable Geology Hammer Penelrates
with 2.3 hard blows in same area (Fair)

Scaling pronounced. pilling of metai surface
obvious and widespread. Geology Hammer
Perforates with one moderate blow (Poor)

Rusl or pits over haltway
through core metal

(#) Severe scaling, pilling progresses to
perloration, Holes may be any size. The rating of
(") wifl be used until such deterioration has taken
place in order 1o cause failure {Paeforation)

Culverl is benl, warped, sagged, broken, eltc., lo
such an gxtent as lo cause Ihe culverl nol to
function as inlended {Failure)

Pinpoint rust spols, zinc
enlirely gone

Rust or pils not haliway
through core metal

Rusi ar pils haitway
through core metal

Fow haoles through melal

Large area of metal gone.

Speller enlirely inlact Speller dull 10 very dull Spelter intacl - spangles

visible

Pinpoint rust spots spelter
enlircly gone

i+) General pinpoint rust ngr_n rusl him shatow 1+) General pinpoinl rus!

piting

Rusl or pits not hallway
through core metal

Heavy pilting rusl (+) Heavy pitting rusl

Rust or pils haltway
through core melal

Heavy pilling rust and loss
of metal in inverl

Rust or pils three-quarters
through core melal

Rust scaling loose

Starl of perforalion Few holes ihrough melal Firsl small perforalion

Enlire inverl gone Large areas of melal gone Perforations large or
beginning (o connecl so

small strip removed

(+) Indicates inlermediate raling - candltion may also correspond to the next highest raling

* National Corrugaled Steel Pipe Assacialion.

TABLE 6 METAL CONDITION RATINGS

Rating

Condition

Description

9

8

Excellent
Very good
Good

Fair

Fair—marginal

Marginal

Poor

Very poor

Critical
Failure

New condition, galvanizing intact,
no corrosion.

Discoloration of surface,
galvanizing partially gone.

Superficial or pinpoint rust spots,
no pitting.

Moderate rust, rust flakes tight,
shallow pitting of surface
galvanizing gone.

Heavy rust and scale, moderate
pitting and slight thinning of
core metal.

Extensive heavy rust, thick and
scaling rust coatings, deep
pitting and significant metal loss
(approximately 25 percent).

Rust and pitting halfway through
core metal (some deflection or
penetration when struck with
pick or geology hammer).

Extreme deterioration and pitting,
three quarters of core metal
gone, first perforations.

Extensive or large perforations.

Invert completely deteriorated,
culvert beginning to bend, warp
or sag, collapse of the culvert is
imminent.

some of the less significant upper ratings and an expansion
of the ratings of the more critical factors. The degree of per-
forations now span over three ratings instead of one or two,
as was the case in many of the state scales. They are still
considered poor or critical items, but now correspond closer
to the depth of rust and pitting, and thinning of the metal.

CONCRETE COALITION RATING SYSTEMS

The concrete condition rating scales from the state studies are
illustrated in Table 7. One observation immediately apparent
upon reviewing the table is the lack of reports. There have
been very few studies on the durability of concrete pipe. Dura-
bility problems are rare with highway concrete culverts, and
normally the only problem encountered is concrete loss in the
invert resulting from acidic effluents such as those in mine
drainage areas. The state of Ohio has conducted the most
studies on concrete culverts, with concentration on the effects
of acid environments on the pipe.

The conditional rating scales for concrete pipe were similar,
considering the small data base available for analysis. Dete-
rioration concentrated on the degree of scaling and softness
of the concrete. In all but one case, deterioration was described
in a distinct and systematic progression. Failure was uniformly
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MISSISSIPPI (13)

OHID (1) (14)

OHID (I (20)

No wealhering or

disintegration and no
softgning from acid or
alkali or other causes

(+) Some weathering or
(scaling) and
disintegration. Shgh!
erosion of invert

(+) Decided disintegration
or erosion in Invert
General wealhering and
(scaling). Softening due (o
alkali or acid

() Decided disintegealion
hroughout the pipe.
Considetable weathering
and (scaling). Soltening
due to alkali or acid,

Extreme disintegration and
(scaling). Material very
soft due to acid or alkali.

138
TABLE 7 STUDIES ON CONCRETE CONDITION RATINGS
RATING KANSAS (7) MAINE (10)
9 Intact - no defarioration Approaching original
condition
]
T Light scaling - 0-1/8" in Discoloralion, slight
depth (scaling) ol mariar, no
softening ol concrete
L]
5 Medium scaling - 1/8"-1/4" Slight scaling of smalier
depth. aggregale. no soflening
4
3 (+) Heavy scaling - Scaling (+) Moderate (scaling) (loss
over 1/4" depth of mortar and aggregale
minor amounts ol
sollening)
2
1 (+) Heavy scaling - Exposed (+) Exlensive {scaling) of
mesh or rust showing on mortar and aggregate plus
surface softening of concrete.
L] Heavy scaling - Total Invert completely

thickness of pipe
deteriorated,

deterioraled.

Disinlegration lhrough
pipe. Reinforcing exposed.

Condition of concrete as
constructed (Excelient)

Discoloration bul no loss
€Orrosion . or softemng
(Very Good)

Shghl 10ss ol mortar
leaving aggregale exposed
(Good)

Moderale loss of morlar
and aggregate. slight
softening of concrele
(Fain)

Signiticant loss of mortar
and aggregates, complete
logs of invert, concrele in
soltened condition (Poor),

As manulaclured

Slight loss of mortar,
aggregale not exposed

Maderate loss 0l maftar,
aggregate exposed

Significanl loss of mortar
around aggregate

Signilicant loss of mortar,
slight aggregle loss

Moderate aggregate loss
(part of first layer)

Aggregate loss (all of first
layer inlo second layer)

Reinforcing exposed al a
few places

Reinforcing exposed
throughoul pipe

Reinforcing gone

(+) Indicates inlermediale rating - condilion may also correspond to the next highesl rating

considered to be complete disintegration of the invert at a
rating of 0.

Table 7 contains two Ohio studies and is a good example
of the differences between rating systems. The first, Ohio (I),
was developed from the same study as the metal rating system.
The rating systems were consistent for both metal and con-
crete in that there was a strong concentration on the condi-
tional ratings for the upper range of the scale and only one
for the lower half. A follow-up study, Ohio (II), conducted
3 years later, provided a much more detailed rating system
for concrete pipe. Unfortunately, this study did not cover
metal pipe and, therefore, no comparable rating scale is avail-
able. This scale proved to be one of the most comprehensive
rating systems found for concrete pipe.

The proposed concrete rating system in Table 8 provides a
detailed and unique description for each rating from new to
failure. Changes and additions to the concrete rating descrip-
tions in the FHWA Culvert Inspection Manual (1) are shown
in bold type. The rating system provides logical and progres-
sive increments of deterioration for mortar and aggregate
scaling, concrete hardness, and reinforcement condition. As
in the case of the metal rating scale, the conditional ratings

in the state studies had to be modified and consolidated to
conform to the facility condition rating system used in the
bridge inspection program.

One major change that was made to the concrete rating
scale was the addition of a new intermediate rating condition.
Most rating scales reviewed went from first exposure of rein-
forcing to total deterioration of the invert in one step. This
increment is too large for one rating step. Considering con-
crete pipe’s inherent strength from its reinforcing and wall
thickness, and that the 1-in. cover of concrete over the rein-
forcement is protective rather than structural, a condition
rating inserted between the two existing evaluations seems
appropriate. The intermediate rating condition will be clas-
sified as a 2 rating and described as “invert scaling below first
layer of reinforcing, 50 percent loss of wall thickness at invert,
concrete very soft.”

Analytically, the inclusion of an intermediate concrete ral-
ing is supported by the rating equations contained in the Ohio
(1) and Ohio (II) reports. In both studies, the major variable
in the log-linear rating equations was age. The Ohio (I) age
function, age®!”, was definitely not linear as the rating scale
indicated. The updated rating evaluations in the Ohio (II)
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Rating Condition Description

9 Excellent New condition.

8 Very good Discoloration of concrete, no cracking, spalling, scaling or softening of concrete present, surface in good
condition.

7 Good Minor hairline cracking at isolated locations, slight spalling, light scaling (0 to s in. in depth) on invert,
slight loss of mortar, aggregate not exposed, no softening of concrete.

6 Fair Extensive hairline cracks, some with minor delaminations or spalling, moderate loss of mortar around
aggregate, invert scaling /s to /s in. deep.

§ Fair—marginal Cracking open greater than 0.12 in. with moderate delamination and moderate spalling exposing reinforcing
steel at isolated locations, large areas of invert with spalls greater than 0.25 in. deep, significant loss of
mortar and slight loss of smaller aggregates due to surface scaling (Y4 to 'z in. depth).

4 Marginal Cracks open more than 0.12 in. with effluence and spalling at numerous locations, spalls have exposed
rebars that are heavily corroded, heavy invert surface scaling greater than /2 in., moderate aggregate loss,
concrete softening.

3 Poor Extensive cracking, spalling, and minor slabbing, invert scaling has exposed reinforcing steel at isolated
locations, moderate amount of concrete softening.

2 Very poor Severe slabbing has occurred in culvert wall, invert scaling below first layer of reinforcing, 50 percent loss of
wall thickness at invert, concrete very soft.

1 Critical Holes through in concrete at isolated locations, 75 percent loss of wall thickness at invert, reinforcing exposed
throughout invert.

0 Failure Invert completely deteriorated, reinforcing steel gone, collapse of the culvert is imminent.

NoTE: Condition descriptions in italic reflect additions to those contained in the FHWA Culvert Inspection Manual (I).

report, however, presented a more linear approach using an
age function, age®*®. An examination of the Ohio data and
rating systems indicates that as the length of service life of
the concrete pipe in these studies increases, there will be an
expansion of ratings within the “marginal” to “poor” range
and a consolidation of the “fair” ratings. These conditions
would necessitate an increase in the age function of the Ohio
equation. The proposed scale broadens the number of “poor”
ratings for concrete pipe, increasing the Ohio age exponential
to a value closer to 1 or a linear relationship. The incorpo-
ration of this condition corresponds to the trend apparent in
the Ohio data and allows for an equitable direct comparison
between metal and concrete ratings.

SUMMARY

The proposed condition rating systems for metal and concrete
pipe provide an orderly progression for determining durability
conditions in a culvert. Detailed descriptions of the levels of
material distress present unique characteristics and features
for each rating number. The development of the systems based
on the operational evaluations used under the bridge rating
scale permits the two systems to be directly compared. The
severity of the conditions in a metal culvert can now be related
directly to those for a concrete culvert with the same rating.
It also allows for cross comparison with bridge structures, an
option that is becoming more important as the number of
inspections of bridge length culverts increases.

RECOMMENDATIONS

There should be state and federal programs for inspection of
all culverts based on the FHWA Culvert Inspection Manual
(1). The assessment and rating of material durability evalu-
ations for culverts should be revised to eliminate subjective
interpretation, thereby creating a uniform evaluation system.
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Least Cost (Life Cycle) Analysis
Microcomputer Program

Joun M. KurDzIEL

This paper covers the contents and operation of the American
Concrete Pipe Association’s Least Cost (Life Cycle) Analysis
microcomputer program. The program evaluates the costs
associated with each alternate pipe material based on their
design components and project requirements. The program
has a multipl- screen format similar to spreadsheet software
and will operate on any IBM compatible system with MS-DOS
operating system of version 2.0 or greater. The Least Cost
Analysis program’s versatility and ease of use will decrease the
time and costs for conducting economic analysis and promote
more cost-effective project designs.

Least cost (life cycle) analysis is the selection of a product,
or material, based not on its initial cost, but on its total cost
over the life of the project. Many articles and papers have
been written on this subject, but only a few have provided
tools for easily comparing complex alternates. The American
Concrete Pipe Association’s Least Cost Analysis (LCA)
microcomputer program performs multiple economic analyses
that enable evaluation of different pipe materials bid as alter-
nates for a project to be carried out.

The program incorporates into the analysis the project design
life, material service life, economic factors, and other project-
related items such as traffic costs. Total costs are calculated
using present worth (PW), annualized costs, or future value
methods. Ample help screens are provided throughout the
program to assist users in creating the data base. Hard copy
documentation of all or part of the analysis may be obtained
on execution of the program.

Presented in this paper are the program’s functions and
capabilities and a discussion of each screen from a design as
well as an operational standpoint.

PROGRAM OPERATION

The LCA program has a multiple screen format similar to
commercially developed spreadsheet software. It is written in
Clanguage and targeted for the IBM-XT or compatible micro-
computer systems with a minimum of 256 K random access
memory using the MS-DOS operating system of version 2.0
or greater.

All input and analysis sections are in front of users at all
times. Subscreens assist users in creating and modifying the
data set. Help screens are provided for every decision making
step. Although default values are provided, the actual input
values must be selected by users. The default values are only

American Concrete Pipe Association, 8320 Old Courthouse Road,
Vienna, Va. 22180.

recommended values and are not automatically defaulted by
the program. Copy commands are provided where appropri-
ate to minimize repetitive entering.

Most operations within the subscreens may be selected using
the scroll and enter keys. The function keys provide the means
for moving from one subscreen to another, calling up help
screens, or using the copy commands. This dual operation
allows users access to file commands while still maintaining
their place in the specific input screen.

The main screen is divided into seven major sections (Figure
1). The main menu provides seven alternatives. These include
Project, Design, Economic, Material, Analysis, Files, and
Quit. As users scroll through these alternatives, the short help
screen, which is located just below the main menu, will change,
reflecting descriptive information pertinent to the particular
main menu alternative. Once a specific alternative is chosen,
users will either enter one of the subscreens or a submenu
for further selection. Once in a subscreen or submenu, the
short help screen will reflect the descriptive information per-
tinent to the new screen.

Large help screens are available in these subsections (Figure
2). The help screens provide detailed technical information
on the specific item highlighted at the time help is requested.
The help information replaces the entire existing menu and
screen. Text displayed in this way allows maximum use of
screen space and enhances reading without displaying any
distracting material. Many of the help screens are over a page
in length, but easy review can be accomplished by scrolling
up or down through the material. Once users have completed
their review of the help screen, the same function key is used
to return to the work screen.

After the data for a particular section have been entered,
users return to the main menu to enter or modify any addi-
tional data, execute the program, request printed output, or
manipulate the files.

Program execution is accomplished in the same way as is
data input. The only difference is that once the type of analysis
has been selected, users must request the execution of the
program by entering return when ‘“‘analyze” is highlighted.
This provides users with the option of preselecting the type
of analysis without executing the program. Once the program
is executed, a comparison of the alternate products analyzed
is displayed on the large screen. Total program running time
is less than 5 sec.

Hardcopy printouts of either the final design summary or
the comparison summary, with comprehensive documenta-
tion of all the input and analysis, may be obtained. Docu-
mentation printouts are requested under a submenu of the
“file’” alternative.
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MAIN MENU
SHORT HELP
MATERIAL PROJECT
SUMMARIES DESIGN
* PROJECT DESCRIPTION ECONOMIC
* MATERIAL COMPONENTS FACTORS
e HELP SCREENS TYPE OF
ANALYSIS

FIGURE 1 Main screen format.

PROJECT DESCRIPTION

The project description window provides the means for iden-
tifying the data base. The information in the project descrip-
tion also appears in the heading of the hard-copy documen-
tation of the project design. Project description includes the
project title, project location, designer’s name, and the date
of the design (Figure 3). Thirty-five spaces are provided for
each of the first three headings with eight additional spaces
for the date.

PROJECT DESIGN

The program provides the project design alternatives of storm
sewer, sanitary sewer, and culverts, which are further clas-
sified as Interstate, state primary, state secondary, or local/
rural projects.

Once the type of facility is selected, users are requested to
enter its design service life. Guidance is provided in both the
short help screen and long help screens for selecting this value
but the final decision is left to the designer, who must man-
ually enter the number of years. By not hardwiring the input,
users maintain complete control over their design and this
reduces the risk of the acceptance of erroneous information.

F3-MATERIAL WINDOW
SCROLL THROUGH HELP WITH CURSOR KEYS
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The project design service life is the length of time a specific
roadway facility is expected to be in service. Figure 4 is an
example of a culvert Interstate project with a 100-year project
design life. The service life is normally set by the owner or
authority responsible for the project. In cases in which a road-
way or facility cannot be disrupted for replacement of the
pipe, a project design life of 100 years or greater should be
considered. This is typical of heavily traveled urban roadways,
Interstate highways, stormwater systems, or sanitary sewers.
Special consideration should also be given to installations under
high fills or in remote areas with poor access. The selection
of an appropriatc project design life should reflect the trans-
portation and commercial importance of the roadway, its effect
on traffic, and the difficulty of replacement with inherent
construction hazards to the traveling public.

As guidelines, ranges for the project design lives of the
various types of facilities are provided in the program. Min-
imum design lives are provided as recommended values in the
program’s short help screens (Table 1).

ECONOMIC FACTORS

Least cost (life cycle) analysis provides the best means for
considering and comparing alternate materials with different
service lives. The problem with any economic analysis has
always been forecasting interest and inflation rates. Short-
term rates vary on a daily basis and are impossible to predict.
For long-term rates, however, this problem can be avoided
by using the relatively constant long-term ratio between inter-
est and inflation rates.

The differential recommended is that between the producer
price index (PPI) and the cost of funds for the borrower in
question. The PPI represents the producer prices for materials
such as steel mill and concrete products. The historical dif-
ferential between the PPI and the municipal bonds, prime
rate, and treasury bonds is appropriate to use when funding
is provided by state and local governments, private firms, and

Project Design

MATERIAL SERVICE LIVES

FORWARD :

and furictional factors.
state practices.

rerverence.

ALABAMA

Different pipe materials have different service lives, which
depend on the material and the envirormental and functioral
conditions of the installation.
materials has been researched by goverrnment agerncies, states
and others and rumercus reports published.
of a pipe material is either specified as a certain riumber of
years, or determirned as a furnction of various envirormental
The recommended values listed in the
short help screens are based on the durability reports and
Individuals interested in specific informa-
ticn pertaining to a site should consult the appropriate

These reports are 11sted 1n cnronolcgical oraer by
State, goverrment and miscellanecus categories.

BIBLIOGRAPHY - STATE CULVERT SURVEYS AND REPORTS

The durability of pipe

The service life

FIGURE 2 Section of a large help screen from material service life window.
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PROJECT DESIGN ECONOMIC MATERIAL ANALYSIS FILES QUIT
EDIT PROJECT DESCRIPTION WINDOW
Project Design
Concrete Pipe SBervice Life Comporents Storm Sawer
Replace/Install Maintenance Rehabilitation Tatal Sanitary Sewer
Life Costs Costs Life Costs Years Interstate :

State Primlry}

State Secondary
Local /Rural

Design Life

Progject Description
Preogect Title LCA_Test_Pata_File
Projgect locationm

Arnalyzed by Jobn_M. _HKurdziel

American_Concrete_Pipe_Assocciaticr_

Economic Factors
Nominal Discount
Real Discount
Federal Funding
State Funding
Private Funding

Interest Rate

Date 07/08/87

FIGURE 3 Project description window.

GIVEN: Culvert,
design life.
PROJECT DESIGN ECONOMIC MATERIAL

EDIT PROJECT DESIGN LIFE WINDOW

Typé Of Analysis
Present Worth
Arriwal ized
Future Value

Analyze ? YES

interstate project with a 100 year project

ANALYSIS FILES GUIT

Concrete Pipe Service Life Components
Rehabilitation
Life Costs

Maintenance
Costs

Replace/Install
Life Costs

————

Project Design ——

Storm Sewer i
Total Sanitary Sewer
Years » Interstate l

State Primary

State Secondary

Local/Rural

Design Life _100

Project Dascription
Project Title
Project location

Analyzed by

LCA_Test_Data_File

American_Concrete_Pipe_RAssaciation_

Econamic ractors
Nominal Discount
Real Discount
Federal Funding
State Funding.
Private Funding

Interest Rate

e e

John_M. Kurdziel

Date Q7/08/87

FIGURE 4 Project design window.

federal agencies, respectively (Table 2). Although the eco-
nomic factor section is based on these assumptions, as with
other parts of the program, users completely control the input.

The economic factor section is broken into three steps. The
designers first choose whether to use the nominal or real
discount rate for the analysis. The nominal discount rate uses
current dollars and directly includes an inflation value in its
analysis. The real discount rate uses constant dollars and,

Typa Of Analysis
Present Worth
Arrualized
Future Value

Analyze ? YES

although it takes inflation into account, a value for inflation
does not directly enter into the calculations. For example, if
the interest rate was 6 percent and inflation was 4 percent,
the nominal discount rate would use the specific values for
the intcrest and inflation rates, whereas the real discount rate
would be the differential between the two rates or 2 percent.
Choosing one method over another does not affect the final
analysis because both yield essentially the same results.
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TABLE 1 DESIGN LIFE GUIDELINES

Project Design Life

Storm sewer system
Sanitary sewer system
Interstate culverts
Urban culverts

State primary culverts
State secondary culverts
Local/rural culverts

100 years or greater
100 years or greater
75 to 100 years

75 to 100 years

50 to 75 years

50 to 75 years

50 years or greater

EXAMPLE
Given: Interest (i) = 6 percent
Inflation (I) = 4 percent

Nominal Discount Rate  Real Discount Rate

Inflation 1+ Inflation 141
Interest factor 1 + i Interest factor 1 + i
Where i = 0.06 Where i = 0.02

I=10.04 I=10
.1+ 0.04 s
0= 5006 =100,
= (.9811 = 0.9804

There is less than 0.1 percent difference between the two
methods.

GIVEN:
federal funding.
inflation rate.
PROJECT DESIGN ECONOMIC MATERIAL

EDIT ECONOMIC FACTORS WINDOW

TRANSPORTATION RESEARCH RECORD 1191

TABLE 2 HISTORICAL INTEREST-INFLATION
RELATIONSHIP

Municipal Treasury
Bonds Prime Rate Bonds
Time Period (%) (%) (%)
1954-1963 2.08 3.29 2.74
1964-1973 0.81 2.48 1.69
1974-1983 —1.32 2.81 0.55
Average  Inflation- 0.52 2.86 1.66
interest differential
(1954-1983)

Norte: Differentials rcpresent differences between stated interest rates
and the Producer Price Index for the year. All figures are based
on annual averages.

The second step is to select the type of funding the borrower
will usc to finance the project. Generally funding can be clas-
sified into one of the three categories: federal, state, or pri-
vate. If multiple types of funding are used on the project, the
institution providing the majority of funding will normally
control the analysis. The purpose for providing the type of
funding is to assist users in selecting the discount rates asso-
ciated with their specific type of project (i.e., a municipal
project is less costly to finance than a privately funded one).

In the final step, the program provides recommended inter-
est and inflation rates based on the type of discount method
and funding selected by the designers. These values are pro-
vided as guidance; users must select and input all values to
be used in the analysis. The example in Figure 5 shows a
project design using a nominal discount rate with federal fund-

Project design using a nominal discount rate with
Interest is equal to 5% with a 3.5%
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Costs

Replace/Install

Life Costs Life

Rehabilitation
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ANALYSIS FILES QUIT
Project Design
Storm Sewer
Total Sanitary Sewer i
Years » Irnterstate

State Primary l
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Project Description
Project Title
Project location
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_  Real Discount
» Federal Funding

American_Concrete_Pipe_Asscciation_
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Inflaticn Rate _3.50

Date 07/08/87

FIGURE 5 Economical factors window.
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ing. Interest is equal to 5 percent with a 3.5 percent inflation
rate.

MATERIAL SERVICE LIFE

Differcnt pipe materials have different service lives, which
depend on the material and the environmental and functional
conditions of the installation. The durability of pipe materials
has been researched by government agencies, states, and others,
and numerous reports have been published. The service life
of a pipe material is either specified as a certain number of
years or determined as a function of various environmental
and operational factors.

The LCA program allows for the analysis of three different
product materials simultaneously. Assistance in the form of
recommended service lives is provided for concrete and cor-
rugated steel pipes in the short help screens. These values are
supplemented with a large help screen, which contains a bib-
liography of pipe durability studies by various state and gov-
ernmental agencies. Individuals interested in specific infor-
mation pertaining to a site should consult the appropriate
reference. These reports are listed in chronological order by
state, government, and miscellaneous categories. The third
alternative, other materials, is used to analyze any other
product.

For each material, service life components are listed to
assist in calculating the cost and number of rehabilitation and
replaccment actions necessary for the structure to reach the
desired project design life. The service life components are
divided into initial installation, maintenance, rehabilitation,
and replacement.

Initial installation requires the input of a material service
life and the cost of installing the facility. Because a pipe instal-

GIVEN:
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lation normally represents only one part of a project, this cost
is usually the project bid price. In the example shown in Figure
6, concrete pipe installation has a bid price of $500,000 and
a material service life of 100 years. Any alternative materials
will have similar engineering, mobilization, and traffic control
costs, and analysis using the bid prices will yield comparative
results. If the material service life at this time, or if subsequent
input, equals or exceeds the project design life, the program
will inform users that the design life has been met and will
not accept any further input for the installation. As with other
parts of the program, this restriction can be overridden.

Maintenance is any action taken periodically to ensure that
the facility functions as originally intended. Typical mainte-
nance activities for pipe installations include removal of debris,
flushing, deposition or silt removal, and repair of localized
damage. Actions to maintain or improve the pipe’s structural
integrity are not considered maintenance activities but are
addressed as either rehabilitation or replacement projects.

Maintenance costs in the program are handled as an expense
per period or cost per number of years (see Figure 7, in which
corrugated pipe installation has a $400,000 bid cost, a 30-year
material service life, and a maintenance cost of $500 every 5
years). For example, if routine maintenance costs $1,000 every
5 years, the input would be an expense of $1,000 for a period
equal to 5 years. To consider maintenance as an annual expense,
the input would be the annual cost for a period equal to 1
year.

Rehabilitation entails any remedial action taken on a pipe
facility to upgrade its structure condition. Rehabilitation actions
cannot restore the pipe to its original condition, but may
extend its service life by a number of years depending on the
type and amount of deterioration. The years the material life
is extended should be judged based on the condition of the
pipe and the current rate of deterioration. Costs associated

Concrete pipe installation with a bid price of

$500,000 and a material service life of 100 years.

CONCRETE STEEL GENERAL QUIT

EDIT CONCRETE PIPE SERVICE LIFE COMPONENTS WINDOW
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Ccsts

Mainternarce
Costs Life

Replace/Install
Life Costs
_100 500000

Total Sanitary Sewer
Years » Interstate
________ _100 State Primary
________ S State Secondary
Local/Rural

Project Design
~ Storm Sewer

Design Life _100

FIGURE 6 Material service life window.

Ecornomic Factors

» Nominal Discount

— Real Discount l
|
|
!

* Federal Funding
State Funding -
Private -Funding

Intereat Rate _5.00
Inflation Rate _3, 50|

|

Type Of Analysis
Present Worth
Annualized

Future Value
Analyze ? YES




146

GIVEN:
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Corrugated pipe installation with a $400,000 bid cost,

30 year material service life and maintenance cost of

$500 every 5 years.

F1-MENU F3-HELP

FS-MAINTENANCE WINDOW

Move: Field Ins: OFFf

MAINTENANCE EXPENSE (COST PER PERIOD [ %/YEARS])
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State Secondary
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Pericodic costs -

FIGURE 7 Maintenance cost components.
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FIGURE 8 Rehabilitation cost components.

with rehabilitation actions not only include the construction
and material costs for the work but any other directly or
indirectly related costs, such as easements, engineering, safety,
detour roadway deterioration, and traffic-related costs. The
example in Figure 8 shows corrugated steel pipe with reha-
bilitation costs of $50,000 for construction and $5,000 for
engineering, safety, and so on. The project roadway has an
average daily traffic count of 30,000 vehicles with 1.5 people/

Type Of Analysis
Present Warth
Arnualized

Future Value
Aralyze ? VYES

vehicle and a normal speed limit of 55 mph, which is reduced
to 35 mph during the 3-month construction time and con-
struction zone length of 0.5 mi. The value of time is based
on the U.S. Department of Commerce 1986 statistics for per
capita income (default value).

Provisions have been made within the program to incor-
porate traffic-related costs into the analysis. Costs associated
with vehicle deterioration, passenger time, and construction-
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related accidents have been included. Inclusion of these items
in the project costs are in accordance with similar analysis
procedures such as those presented in the Federal Highway
Administration’s publication “The Design of Encroachments
on Flood Plains Using Risk Analysis” (2). Cost of passenger’s
time is based on the loss of time for the decrease in speed
through the construction zone. Vehicle deterioration costs
reflect the wear on vehicles from the extra traveling distance
for detours. Costs associated with construction-related acci-
dents reflect the number and cost of vehicle accidents through
the construction zone, and include property damage, injuries,
and fatalities.

Replacement entails the removal of an existing facility and
the installation of a new structure. The material life of the
replaced facility should equal that of the original material life.
Costs associated with replacement actions include all con-
struction and material costs as well as all the direct and indirect
costs illustrated under rehabilitation actions. The example in
Figure 9 shows a corrugated steel pipe installation with
replacement costs as illustrated (see rehabilitation screen for
description). In addition, a I-mi detour will be required for
the duration of the project. Vehicle operating costs are $0.21/
mi (default value). Three accidents are expected with an aver-
age cost of $2,500/vehicle in damage. No injuries or fatalities
are expected.

Rehabilitation and replacement actions are taken until the
project design life is met or exceeded. In the event that the
material service life exceeds the required number of years, a
residual value will be determined. The residual cost represents
the value of extended service. This value appears in the final
analysis and hard copy documentation and is subtracted from
the overall cost of the particular material.

ANALYSIS

The LCA program allows the economic analysis to be con-
ducted using three different methods: PW, annualized costs,

F1-MENU F3-HELP

FS—REPLACEMENT WINDOW
COST FOR TOTAL REPLACEMENT ACTIONS (%)
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and future value. PW is calculated based on the equivalent
costs at the current or present time (see Figure 10, in which
analysis is to be conducted using the PW method). In other
words, this would be the amount of money needed to be set
aside today to meet the desired project design life.

When using the nominal discount rate, present value cal-
culations are made by first inflating estimates of cost expend-
itures, made in original dollar terms, into the future, to the
time that they will be made. These inflated costs are then
discounted to present value terms using an appropriate inter-
est rate. The inflation and discount of each future cost or
value is done by the equation:

PV = A(F)

where

PV = present value,

A = amount of original cost,
F = inflation (I)/interest (i), F = [(1 + D)/(1 + §)], and
n = period or number of years.

If a real discount rate is used, the future costs are discounted
to the present value using the same equation in which the
value for inflation is zero and the interest rate represents the
difference between the actual interest and inflation rate [i.e.,
(i — D).

Annualized costs are annual yearly costs or what an agency
would have to outlay every year for the life of the project.
This may also be computed on a period basis as an outlay
every number of months or years by modifying the value of
n in the equation:

AC =PV 1+ A + iy — 1]

where AC is annualized cost and i’ is discount rate.
Future value is simply the cost of the project at a future
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FIGURE 9 Replacement cost components.
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date. Costs can be discounted to a future value with the fol- FILES
lowing equation:

The file section of the program allows data to be stored and

FV =PV (1 + i) retrieved on either the working diskette or any external direc-
tory or subdirectory. The file section has four main functions:
where FV is future value. retrieve, save, print, and disk/path (Figure 11).
GIVEN: Analysis to be conducted using the present worth
method.

PROJECT DESIGN ECONOMIC MATERIAL ANALYSIS FILES QUIT
EDIT ANALYSIS WINDOW
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FIGURE 10 Type of analysis window.
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FIGURE 11 File window.
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The save and retrieve commands provide access to the
directory of the operating diskette or subdirectory. All the
files on the directory are listed and an existing file can be
either saved or retrieved by highlighting the desired file and
entering. New files may be created by storing the data under
a new file name, which is simply typed in over the file name
prompt.

Printing of any program runs is done by selecting the print
command for a complete hard copy printout or the print screen
for a final design summary (Figure 12). All tabs and spacings
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have been preselected and arranged so that the hard copy
documentation conforms to the standard 8'4-in. by 11-in. sheet
size for easy inclusion into plans and files. Figure 13 contains
a complete hard copy printout of the analysis developed in
this paper. Values used in developing the analysis were only
intended to illustrate the computational aspects of the pro-
gram and do not represent any particular project.

The disk/path command allows users to change or specify
a specific default drive or subdirectory. If the program is being
executed on the hard disk drive and all the data files are being
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FIGURE 12 Final design.
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FIGURE 13 continued.
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FIGURE 13 continued.
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stored on a floppy drive or subdirectory, users can specify
these parameters using the disk/path command and minimize
misplacement of files and excessive inputs.

AVAILABILITY

The LCA program will be made available as a public domain
program through the distribution facilities of McTrans, Center
for Microcomputers in Transportation. McTrans is the official
software distributor and user support center for the Federal
Highway Administration. The center provides support to
microcomputer users through technical assistance of the soft-
ware distributed. Costs for public domain programs distrib-
uted by McTrans are nominal, covering only their adminis-
trative, reproduction, and overhead costs. The LCA program
will be only one of a number of programs developed by the
American Concrete Pipe Association to be distributed in this
way.

SUMMARY

The LCA program evaluates costs associated with each alter-
nate pipe material based on their design components and
project requirements. The program allows the maximum
amount of freedom in selecting design parameters while pro-
viding detailed guidance at every decision making step. Because
data entry requires little typing, complex designs may be entered
in less than 5 minutes, and multiple runs for parameter studies
or sensitivity analysis in a fraction of that time. The LCA
program’s versatility and ease of use will make life cycle eco-
nomic analysis easier, decrease government agencies’ and
consultants’ time and costs for analysis, and promote more
cost-effective project designs.

REFERENCES

1. W. O. Kerr and B. A. Ryan. Taking the Guesswork Out of Least
Cost Analysis. Consulting Engineer, March, 1986.

2. The Design of Encroachments on Flood Plains Using Risk Analysis.
Hydraulics Engineering Circular 17, Office of Hydraulics, Federal
Highway Administration, U.S. Department of Transportation, 1980.

DISCUSSION

WAHEED UDDIN

Texas Research and Development Foundation, 6811 Kenilworth Ave-
nue, Riverdale, Md. 20737.

The LCA microcomputer program for pipe type selection is
a useful addition to the limited number of user-friendly micro-
computer programs for the life cycle cost analysis of highway
components. The LCC1 microcomputer program (/,2) offers
a user-friendly approach to analyze life cycle costs for pave-
ment management considering multiple reconstruction, main-
tenance and rehabilitation treatments, material salvage and
extended service life, and different economic scenarios.

The author offers the users both PW and annualized value
methods as well as future value analysis to compare the life

153

cycle costs of different pipe material alternatives. It should
be recognized that, if correctly performed, PW provides the
bench mark against which other methods of evaluation must
be judged. The annual equivalent annuity (AE) method will
give answers consistent with a bench-mark PW in the absence
of inflation and when a uniform inflation is expected over
time. The validity of PW and AE are demonstrated when
actual (nominal) cash flow and actual (nominal) discount rates
are used. Decisions based on real discount rates will be correct
only if they are consistent with those obtained using nominal
rates. A real rate can be used only with cash flows expressed
in base-year prices (i.e., uninflated costs). Similarly, a nom-
inal rate can be used only in conjunction with the actual cash
flow expected. There should be no mixing of real and nominal
values.

Salvage values are unlikely to have any significant impact
on the economic evaluation of alternative strategies. First,
they will be similar in value (e.g., similar haulage, labor, and
residual value of materials). Second, the cost, when dis-
counted back to present value, is likely to be small, even for
modest discount rates. Consideration of the extended value
of service life is important for proper life cycle cost compar-
isons. Both salvage values are provided in the LCA program.

The outputs show a summary of all cost streams and total
cost for each alternative. However, it is apparently up to the
users to select the least cost alternative based on the total life
cycle costs. It will be useful if another output screen is added
that rank orders the alternatives on the least cost basis using
the following options:

1. All costs.

2. All costs (excluding maintenance, rehabilitation, and
replacement costs). This will present a “‘do-nothing” policy.

3. All costs except road user costs (traffic detour and acci-
dent costs). This option can be used to ignore these traffic
cost components in the least cost analysis because the program
user may not have reliable estimates of the traffic cost com-
ponents during the service life of the facility.

4. All costs except salvage values.

5. All costs except road user costs and salvage value.

The ranking costs should be provided when using any of
these options, along with the option and rank.
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AUTHOR’S CLOSURE

The discussant raised a very important question about real
and nominal discount rates that deserves further discussion.
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The LCA program will not permit the mixing of real and
nominal values. An amalgamation of the discount rates would
present a totally erroneous analysis. Using either the nominal
or real discount rate will yield the same results as long as they
are used consistently. Problems occur when they are mixed.
For example, if an interest rate is 8 percent and an inflation
rate is 6 percent, a real discount rate of 2 percent should be
used, or for a nominal discount analysis both the stated infla-
tion and interest rates would be used directly. Mixing the
discount rates by inflating a cost out to a future time using
an inflation rate of 6 percent and then discounting back to
PW using the real discount rate of 2 percent would effectively
create a debtor’s dream, as the following analysis demon-
strates.

FV = PVI(L + Il + i)

where

FV = future value,
PV = present value,
I = inflation rate,
i = interest, and
n = period or number of years.

Substituting [ = 6 percent, i = 2 percent
Yields FV = PV/(1.039)"

In this case, the larger the period, the smaller the future value
of money. An investor under these conditions would be much
better off to borrow all their funds today and simply pay them
back at a future date at a cost less than the face value of the
original loan. The opposite of this condition, of course, creates
a money-generating machine. In either case, the analysis is a
distortion of the actual conditions. If a nominal discount rate
is used for the analysis, i and [ equal 0.08 and 0.06, respec-
tively. For a real discount rate analysis, the inflation rate is
not included directly in the analysis and is equal to zero. The
corresponding real discount rate, however, takes the inflation
rate into consideration because it is the differential between
interest and inflation, or 0.02. As long as the consistent factors
are used in the analysis, either the nominal or real discount
rate may be used. The program includes both methods to
allow for maximum flexibility.

The salvage values in the program are based not on the
actual salvage value of the material but on the residual service
life the product provides for the facility. It is unrealistic to
assume that there would be any net salvage value for a product
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material once the costs for removing and hauling it away are
considered. The embankment and all the drainage structures
within it must serve far longer than the roadway itself. Pave-
ments may be replaced relatively easily compared with the
disruption and cost associated with removing a pipe. Road-
ways are also seldom abandoned because of the high cost of
right-of-way, and most are required to serve longer than their
original project design life. Many states design their roadways
with these considerations in mind. In their May 1987 durability
study, the Missouri Highway and Transportation Department
states that “‘roadbeds and highway corridors are selected and
designed with no foreseeable intent to relocate.” Even if a
roadway is relocated, the old embankment remains intact and
efficient movement of water through it must be maintained.
It is, therefore, more reasonable to assume a residual value
for a material based on the extended project design life of
the facility and not on the salvage value of the product mate-
rial.

There are a number of input options in the program that
can yield the results listed in the discussant’s comments. The
only option that currently cannot be fulfilled within the actual
computational routines of the program is the exclusion of
salvage values. Salvage values or residual costs are calculated
on the last material action that exceeds the project design
life. A user, however, could obtain a design void of salvage
value costs by adding the residual cost listed in the output to
the total costs, but unfortunately this calculation must be done
outside the program.

A computer program should be a dynamic entity, constantly
evolving and improving. Enhancements such as ranking of
alternatives have benefits in documenting the analysis and
will be worthwhile additions to the program. Other enhance-
ments and updates will surface as the program is being used.
Those revisions that represent a benefit to designers and plan-
ners within the engineering community will be included in
any future versions of the program.
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Laterally Loaded Cast-in-Drilled-Hole Piles

C. K. SHEN, S. BANG, M. DesALVATORE, AND C. ]J. PORAN

The behavior of cast-in-drilled-hole pile has been investigated
in detail with an instrumented model test pile embedded in
either level or sloping ground of sand or silty clay soil. Upslope
and downslope as well as parallel directional lateral loads were
applied to the model test pile to measure the lateral resistance
and the load-deflection relationship. Parameters such as the
embedment length, the slope of the ground, the distance from
the edge of the slope, and the cyclic loading were included in
the study.

A large number of subsurface structures are designed mainly
to resist the lateral or overturning loads applied above the
ground level. These subsurface structures derive their bearing
capacity from the passive earth resistance against lateral
movements (translation or rotation). One of the widely used
types of foundation in this category is the cast-in-drilled-hole
(CIDH) pile. Piles of this type are normally less than 12 ft
long and have a length-to-diameter ratio ranging from 2 to 1
for short piles to about 10 for longer piles. Because of their
relatively low slenderness ratios and high rigidity with respect
to the surrounding soils, they are conventionally considered
as rigid members in design and analysis. Structures supported
by CIDH piles are numerous, notably posts for large road
and commercial signs and sound barrier walls for noise control
along urban freeways.

A comprehensive investigation conducted more than 15
years ago by the Texas Department of Highways (/-3) con-
cluded that the conventional design of CIDH piles appeared
to be conservative. This study proposed a rigorous but simple-
to-use alternative design method for calculating ultimate lat-
eral loads. The formulation includes the development of shear
stresses and the circumferential variation of normal stresses
around a pile. The formulation, however, does not completely
satisfy all the stress boundary conditions and the failure cri-
terion; most importantly it does not include a provision for
sloping ground conditions. In practice, for instance, sound
barrier walls are frequently placed near the edge of roadway
embankments. In light of the above, there appears to be a
need to conduct a study to evaluate the lateral resistance of
CIDH piles placed in level or sloping ground with the final
objective of establishing an improved design methodology as
applied to highway-related structures.

C. K. Shen, Department of Civil Engineering, University of Cali-
fornia, Davis, Calif. 95616. S. Bang, Department of Civil Engincer-
ing, South Dakota School of Mines and Techriology, Rapid City, S.
Dak. 57701-3995. M. DeSalvatore, Geotechnical Branch, California
Department of Transportation Laboratory, 5900 Folsom Boulevard,
Sacramento, Calif. 95819. C. J. Poran, Department of Civil Engi-
necring, Polytechnique Institute of New York, Brooklyn, N.Y. 11201.

LITERATURE REVIEW

The usual approach to treat the problem of a laterally loaded
pile is first to categorize the pile as either rigid or flexible. A
clear distinction between those two, however, does not exist.
It has been suggested that the rigidity of a pile can be related
to the ratio of the flexural stiffness of the pile and the foun-
dation soil modulus. Taking into consideration a wide range
of soil stiffness, Kasch et al. (4) concluded that in order to
ensure rigid pile behavior, the length-to-diameter ratio of a
pile should not exceed about 6, but could be as high as 10
under certain conditions, such as in weak soils; also that a
ratio of 20 or more ensures flexible pile behavior. Accord-
ingly, the CIDH pile can be considered as a relatively rigid
pile.

One of the first attempts to calculate the ultimate lateral
resistance of a short rigid pile in cohesionless soil was made
by Broms (5). He assumed that the active earth pressure
acting on the back of a pile is negligible, that the distribution
of passive earth pressure along the front of a pile is equal to
three times the Rankine’s passive pressure, and that the shape
of a pile section has no influence on the distribution of ulti-
mate soil pressure.

Based on the equilibrium of a tetrahedron-shaped soil fail-
ure wedge under lateral load, Reese et al. (6) formulated the
ultimate soil resistance for a short rigid pile. The total ultimate
lateral resistance of the pile is equal to the passive force minus
the active force. The active force is computed from Rankine’s
theory and the passive force from the geometry of the wedge
with boundary forces following the Mohr-Coulomb failure
criterion.

Broms (7) also developed a theory to calculate the ultimate
lateral resistance of a short rigid pile in cohesive soil. He
suggested a simplified lateral soil resistance distribution: zero
from the ground surface to a depth of 1.5 times the pile
diameter, and a constant value of 9 times the undrained shear
strength below this depth.

Using a failure wedge similar to the one used in cohesionless
soils, Reese (8) formulated an expression for the ultimate
resistance of a laterally loaded pile in soft clay. The resulting
ultimate resistance per unit length of pile consists of three
terms. The first indicates the resistance at the ground surface,
the second relates to the increase in resistance with depth
resulting from overburden pressure, and the third is a geo-
metrically related restraint term. Matlock (9) later found that
the third term in Reese’s expression did not agree with exper-
imental observations and suggested an alternative expression.

Ivey (1) studied the ultimate resistance of drilled piles in
level ground and proposed a comprehensive design method.
In his approach, unlike the conventional ones, both normal
and shear stresses acting on all faces of the pile were consid-
ered. Distributions of these stresses resulting from a rotation
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of the pile were assumed to vary along the circumferential
direction by cosine and sine functions. The point of rotation
and the resulting ultimate lateral resistance of the pile were
then calculated from the equilibrium equations. The proposed
method was later modified based on model test results (3).
Although the theory includes most of the essential charac-
teristics of rigid pile behavior under lateral loads, the appli-
cation may be limited because (a) fully active and passive
conditions based on Rankine’s theory were used, (b) shear
stresses did not totally satisfy the Mohr-Coulomb failure cri-
terion, and (c) most of the test results used to verify the
theory, particularly those in sands, were obtained from scaled
model piles of limited range.

Other design methods available for short rigid piles are by
Hays et al. (10), Ivey and Dunlap (2), Ivey and Hawkins (/7),
Davidson et al. (12), Lytton (13), Ivey et al. (3), Seiler (/4),
Hansen (/5). and others. In general, the Ivey and Dunlap
and the Ivey and Hawkins methods yield conservative values
(4); whereas Hansen's and Lytton’s methods yield consistently
unconservative values for larger piles (16). Broms’ method
yields censervative results in stiff clays but unconservative
results in soft clays (16).

There have also been many experimental studies on the
load-deflection relationships (2, 4, 10, 17, 18) and the earth
pressure measurements (4, 16, 17, 19-21) along laterally loaded
rigid piles. In general the measured lateral earth pressure
distributions are parabolic shaped. Based on the measured
earth pressure distribution, Biershwale et al. (16) reported
that the point of rotation or the point of zero lateral stress is
located at approximately 0.7 times the embedment length of
a pile as measured from the ground surface. This generally
coincides with results reported by other studies (/, 4, 10, 17, 19)
stating that the rotation point lies in the vicinity of two-thirds
of the embedment length. However, studies (2, 4, 10, 18, 22)
also indicated that the point of rotation does not remain at a
constant depth below the ground surface, rather it moves to
lower depths as the lateral load is increased. The point of
rotation could also move upward if the strength of the soil
decreases with depth (2). In general, the point of rotation
shifts downward from some point below the middle of the
embedded pile for lighter loads to a point approximately three-
quarters of the embedment depth for maximum loads.

As indicated in this brief literature review, considerable
research has been conducted on the ultimate soil resistance
and pile capacity of laterally loaded piles. Most of the solu-
tions, however, are based on the ultimate or limiting equilib-
rium conditions, and thus cannot be used to compute lateral
earth pressures at conditions other than failure. In order to
understand the soil-rigid pile interaction more clearly, a com-
prehensive investigation including a laboratory model study
was conducted. Considerations were given to both the work-
ing stress and ultimate stress states in level and sloping ground.
The pile model study is described in detail in this study.

MODEL TESTING
Testing Facility
The testing facility included a large test bin, an instrumented

pile, a loading system, and a data-acquisition system. The
wooden test bin (12 ft X 4 ft X 4 ft) was composed of ¥-
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in.-thick plywood sidewalls, two sets of perimeter steel box
beams to reinforce the walls, and a plywood bottom. A 2024-
T4 aluminum tube pipe .25 in. thick, and 40 in. long, with
an outside diameter of 3.5 in., was selected to represent the
model pile. To instrument the model pile, the pipe was cut
into two half-circular sections with shear pins installed along
both sides of one of the half pipe sections.

Eleven lateral pressure gauge mounts were installed in each
of the two half pipe sections at a spacing of 3 in./mount. The
large number of pressure gauge mounts allowed the locations
of the pressure gauges to be changed from test to test. Finally,
a thin coat of medium sand was glued to the outer surfage of
the model pile to produce the typical concrete-soil interface
friction. Ten Kulite model KHM-375-series pressure gauges
were installed in the gauge mounts along the front and back
sides of the model pile, with the pressure-sensitive diaphragm
placed flush with the surface of the model pile and in align-
ment with its length.

A sct of electric circuit boards was designed and mounted
inside the model pile to perform the multiplexing and signal-
conditioning functions so that all the signals could be trans-
mitted from the model pile to the data-acquisition system by
asingle set of wires. A picture of the fully instrumented model
pile is shown in Figure 1.

An electrohydraulic closed-loop testing system was modi-
fied to apply the lateral load to the instrumented model pile.
The hydraulic actuator was programmed to pull or push the

FIGURE 1 Model test pile with instrumentation.
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TABLE 1 SOIL PROPERTIES
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Cohestion (psf)
Friction Angle

Maximum Dry Density (pcf)
(Modified AASHTO Method T-180-57)

Liquid Limit
Plasticity Index
Water Content

Unified Classification

Yolo Loam Cache Creek Sand
1,800 - 2,750 0
24° - 26° 40° - 43°
116 114.3
27 --
12 -
15.3 - 17.4% -
CL Sp

model pile laterally at a rate of 0.2 in./min. A lateral dis-
placement of 3 in. was applied to the top of the model pile
that corresponds approximately to a 5° angular rotation
assuming no tip movement.

The load applied to the model pile was measured by a load
cell connected between the hydraulic actuator and the loading
rod. The lateral displacement and angular rotation of the
model pile were measured by two linear variable differential
transformers (LVDTs) attached to the top of the pile. The
angular rotation and lateral displacement (much less than 3
in.) at ground level were calculated from the difference between
LVDT readings and the geometry of the setup. Movements
of the LVDTs were monitored and recorded by the data-
acquisition system.

A microcomputer-based data-acquisition system was used
for recording and processing data. Signals from various sen-
sors picked up by the signal conditioners were filtered, con-
verted, and then channeled through a multiplexer to a digitally
programmable amplifier-attenuator that adjusted the output
signal level. The adjusted analog signals were then fed through
an analog-to-digital converter that digitized the signals that
were to be processed by the computer.

Testing Program

The model pile testing program required the construction of
either level ground or sloping ground embankments made of
pit-run, air-dried river sand or silty clay. For each type of the
embankment material studies, parameters such as embank-
ment geometry and loading direction were varied to evaluate
the load-versus-displacement response of the pile-soil system
and the corresponding measurements of lateral earth pressure
distribution in longitudinal and circumferential directions.

The testing program involved a sequence of events com-
posed of sample preparation, placement of pile, and testing
and data collection. Locally available silty clay (Yolo Loam)
and sand (Cache Creek sand) were chosen as embankment
materials. Their pertinent properties are described in Table
1.

A brief description of cohesive soil sample preparation is
given as follows. The bin was initially treated with a water-
proofing seal to help retain moisture in the soil. For each lift
of compaction, approximately 1,500 Ib of soil was placed in
the test bin to make a 4- to 5-in.-thick loose layer. The soil
layer was then compacted, first with a vibratory plate com-
pactor and then with a pneumatic hammer. A uniform amount

of compaction effort was applied to each layer during com-
paction to achieve uniformity in shear strength and dry unit
weight. The specification for compaction control of the coh-
esive soil was for each layer to be compacted at 3.5 percent
above the optimum moisture content and to a minimum of
95 percent of the maximum dry density obtained by the mod-
ified AASHTO method T-180-57. Compaction was carried
out on the wet side of optimum in an effort to avoid over-
compaction of the layers.

When preparation of a soil sample was completed, damp
burlap was placed on the surface of the soil sample and then
the entire bin was covered with a sheet of plastic to prevent
evaporation of moisture from the soil sample. In an effort to
obtain a more uniform moisture content, the soil sample was
permitted to sit covered overnight.

After allowing the soil sample to set overnight, a posthole
driller was used to drill a 9-in. diameter hole to the desired
depth in the embankment soil. The model test pile was then
lowered into the hole, aligned vertically and then clamped
into place. The material removed during drilling was broken
up and placed back around the model pile in 1-in. layers and
compacted with a slide hammer compactor.

The method of compaction used in cohesionless soil con-
sisted of compacting 4- to 5-in.-thick loose layers of sand in
the test bin with a vibratory sled. To place the test pile in the
compacted sand, a vibratory-pneumatic driving system was
developed. The pile was lowered into the embankment by a
combined action of vibrating the pile and removing the sand
directly below the pile with vacuum. The base of the test pile
was modified to channel the sand directly below the test pile
toward the holes in the base. A large capacity vacuum source
was used to remove the sand directly below the pile through
two Y2-in.-diameter holes in the base. The sand was removed
through the pile via two Y%-in.-diameter copper tubes that ran
from the base, through the center of the pile, and out at the
sides of the pile near the top. To keep the sand flowing up
the vacuum tubes, compressed air was fed to the base through
four Y4-in.-diameter feeder tubes. The feeder tubes ran from
the top of the pile, down through the center, and out through
the four Y-in.-diameter holes in the base. The modified pile
tip and the plumbing inside the pile, are shown in Figures 2
and 3, respectively.

The installation of the instrumented test pile does not sim-
ulate the actual field practice of CIDH pile; disturbance in
the surrounding soil and the nonuniformity in density resulting
from recompaction should be recognized. Once the instru-
mented model pile was placed in the soil, the loading arm
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FIGURE 2 Modified pile tip.

was connected to the top of the pile at a predetermined load-
ing height. The photograph in Figure 4 illustrates a typical
test setup.

Test Results

A total of 17 tests on sand and 27 tests on silty clay were
carried out. Parameters covered in this study were the embed-
ment length (with a slight variation in silty clay soil), the type
of loading (monotonic or cyclic), the direction of loading, the
sloping nature of the ground, and the distance of the pile from
the edge of the slope. Detailed description of each test is
given in Tables 2 and 3. The cyclic loading tests were per-
formed on silty clay samples. Different numbers of cycles of
low-level loading were applied (Table 3, Tests 29 to 34, inclu-
sive). It was indeed difficult to maintain compaction control
when large size test samples were prepared in the modcl box;
iius from sampic W sampic a subsianilai amount of scalier
existed in the data. However, the results of tests carried out
for each individual sample were generally well-behaved and
consistent with the loading directions.

One observation that was most apparent during testing was
the surface character of the failure zone exhibited in the soil
around the pile. A fan-shaped failure zone extending radially
from both sides of the pile at 45 degrees or greater to the

TRANSPORTATION RESEARCH RECORD 1191

direction of loading was observed in both level and sloping
grounds. A typical ground surface failure pattern can be rec-
ognized, as shown in Figure 5.

The typical response of measured lateral load versus dis-
placement in clay embankment and sand embankment can be
seen in Figures 6 and 7, respectively. The lateral resistance
of the model test piles are given in Table 4. They are
recorded as either the maximum lateral load obtained from
the load-displacement curves or the lateral load corresponding
to approximately S degrees of angular rotation of the pile.
Because the load cell has a 3,000-1b capacity, a number of
tests performed in clay embankments were prematurely ter-
minated at approximately 3,000 Ib of lateral load.

When lateral load is applied in the downslope direction on
the pile (Figure 8) for both the silty clay and the sand
embankments, the placement of the test pile on either the
slope or the edge of the slope results in lower lateral resistance
than is the case when it is placed with upslope or horizontal
loading directions. When the test pile is placed on the edge
of a slope and the loading direction is upslope, the resulting
load versus displacement curve is approximately the same as
the corresponding curve obtained for horizontal loading. Dif-
ferences, however, can be observed consistently from the test
results that show that in clay embankment the lateral resist-

FIGURE 3 Plumbing inside the model test pile.
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FIGURE 4 Typical test setup.
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ance is slightly greater for upslope loading than for horizontal
loading, and vice versa for sandy embankment.

For cyclically loaded (push and pull) model pile tests in
silty clay (the number of cycles varying from 500 to 2,500 and
the low level cyclic loads from approximately 200 to 900 1b
at 3 sec/cycle), the results in Figure 9 indicate that the number
of loading cycles greater than 500 appears to have little effect
on the load-displacement behavior of the model pile. Because
the model test condition in the laboratory does not simulate
the field cyclic loading environment and does not take into
consideration the possible disturbance and weakening of
in situ soil, the findings do not agree with the current de-
sign concept of reduced pile capacity for cyclic loading
applications.

In an effort to develop a three-dimensional picture of the
passive earth pressure distributions along the test pile, inter-
face pressure transducers were placed at different locations
along the pile circumference from test to test to gather a set
of comprehensive data. In Tables 2 and 3, the various 6 values
represent the angles of transducer locations with respect to
the direction of loading: that is, 6 = 0 degrees when the
transducer is placed in line with the loading direction and 6
= 90 degrees when it is placed perpendicular to the loading
direction (Figure 8). The data obtained from sandy soil were
later normalized and combined to show the radial passive
earth pressure distributions against the pile at different depths
for various load levels. A typical lateral earth pressure dis-
tribution along the depth of a pile in sand under different
loading increments is shown in Figure 10. The pressure dis-
tributions are nonuniform both circumferentially and longi-
tudinally. In general, the circumferential distribution has its
maximum at 8 = 0 degrees, and decreases to at-rest pressure
at ® = 90 degrees. The longitudinal distribution of pressure

TABLE 2 DESCRIPTION OF TESTS IN CACHE CREEK SAND

Relative 5 Distance from Edge of
Sample#f Y d Density Test # 1 2 Slope Loading Slope or Bin
(pcf) (%) (%) Direction (in)
1 0 N/A N/A Horizontal 52" from edge of bin
1 109.8 84.8 2 35 N/A N/A Horizontal 76" from edge of bin
3 70 N/A N/A Horizontal 107" from edge of bin
4 0 45 N/A Horizontal 47" from edge of bin
2 108.6 80.1 5 0 45 N/A Horizontal 78" from edge of bin
6 20 65 N/A Horizontal 108" from edge of bin
7 0 45 56 Down Slope Pile 1 in. from edge of slope
3 109.8 84.8 8 0 45 N/A Horizontal 108 in. from edge of bin
9 20 25 59 Down Slope Pile 1.3 in. from edge of slope
4 107.9 77.7 10 20 65 N/A Horizontal 109" from edge of bin
11 0 45 60 Down Slope Pile 1.3 in. from edge of slope
5 109.1 82.4 12 0 45 57 Up Slope Pile 0.8 in. from edge of slope
13 20 65 58 Up Slope Pile 1.8 in, from edge of slope
6 109.0 82.0 14 0 45 60 Up Slope Pile 1.5 in. from edge of slope
15 0 45 56 Cross Slope 46" from edge of bin
7 109.0 82.0 16 20 65 56 Cross Slope 81" from edge of bin
17 0 45 56 Cross Slope 108" from edge of bin
Note: The height of loading for all tests in sand was 12 inches.

The embedment length for all tests in sand was 32.75 inches.
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TABLE 3 DESCRIPTION OF TESTS IN YOLO LOAM

Load | Embedmentl Type of | # of Loads Loading Distance From
Samplef | W/C Yd Test#§ o | Height] Length Loading | Cycles| low/highl Slope | Direction | Edge of Slope
(%) | (pcf) (4m)| (in) (1b) (in)
7 0} 10.6 3.1 Monotonid N/A N/A Level | Horizontal | 40" From edge of bin
2 17.44115.34 8 |20 10.9 33.9 81"
9 |50/ 10.6 33.9 113"
10 0] 11.4 33.2 Monotonid  N/A N/A 1:1.5] Down Stope | Pile on edge of slope
3 17.2 113.ﬂ 11 0f11.8 33.0 1:1.5 Up Pile on edge of slope
12 0] 10.8 33.0 Level | Horizontal | Level ground between
slopes
13 0 12.0 31.8 Monotoni N/A N/A 1:1.5 | Down Slope | Pile on edge of slope
4 16.5] 109.4 14 0]11.8 31.9 1:1:8 Up Pile on edge of slope
15 0] 10.8 33.0 Level | Horizontal | Level ground between
slope
16 0] 10. 33.0 Monotonid  N/A N/A 1:1,5 | Down STope | Pile €:Bin down slope
5 16.5| 111.3 17 0] 10.7 33.1 1515 Up Pile €:8in down slope
18 0] 10.7 33.1 Level | Horizonral | Level ground between
slope
19 0] 10.8 26.9 Monotonid N/A N/A 1:1.5 | Down Slope | Pile on edge of slope
6 17.0] 111.3 20 0] 10.5 26.0 1:1.5 Up Pile on edge of slope
21 0| 10.5 27.1 Level | Horizontal | Level ground between
Slope slope
22 0] 10.8 33.4 Monotonid N/A N/A 2 Down STope | Pile on edge of slope
7 16.7] 112.3 23 0] 10.4 33.5 Level | Horizontal | Pile €:32in behind
slope
24 |70} 10.5 33.3 Level | Horizontal | Pile €:59in behind
slope
26 0| 10.6 32.9 Monotonid N/A N/A 1:2 Cross Slopg 37in From edge of slope
a 16.6 | 113.4 27 |70) 10.5 33.0 152 Cross Slopd 62in From edge of slope
28 0] 10.5 32.9 1:2 Cross Slopd 104in From edge of slop
29 0] 11.0 33.0 Cyclic 500 180/880 Horizontal | 39in From edge of slope
9 15.3]113.4 30 0] 1.0 33.1 1000 200/890 Horizontal | 68in From edge of slope
31 0} 11.0 33.1 2500 170/890 Horizontal | 104in From edge of slopd
32 | of11.5 33.4 Cyclic 500 |5 /450 | 1:1.5|Down Slope | Pile on edge of slope
10 16.2)111.34 33 0)11.6 32.8 500 30 /860 | 1:1.5] Up Slope | Pile on edge of slope
34 0] 11.5 32.9 500 50 /810 Horizontal | Level ground between

slope

is related to both the later displacement and rotation of the
pile and the soil depth at the point considered.

CONCLUSIONS

Described in this paper is a laboratory model study of the
loading capacity of laterally loaded CIDH piles placed in both
level and sloping grounds. Tests were performed in sand as
well as in silty clay embankments. Parameters such as the
embedment length, the type and direction of loading, the
slope of the ground, and the distance from the edge of the
slope were included in the study. An instrumented aluminum
pipe pile was used to measure the circumferential as well as
the longitudinal distributions of lateral earth pressures acting
on the pile at different loading levels. Lateral load versus
displacement curves for each test were also recorded. Because
of difficulties in controlling many of the parameters in testing,
particularly the placement densities and moisture contents of
the clay soil, large scatter of the test results are evident. Data
presented in the paper should therefore be interpreted with
caution.

The main purpose of the model study was to develop infor-
mation concerning the failure pattern and the design capacity
of laterally loaded rigid pile. The results presented in this
paper can be of help in identifying these items so that a more
realistic theoretical formulation of the pile-soil system can be
established. Observations pertinent to the overall objective
of this investigation can be stated as follows:

1. At ground level, the failure in soil in front of a pile
shows a fan-shaped zone originating from the pile at an angle
FIGURE 5 Ground surface failure pattern. of 45 degrees or greater with the direction of loading.
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FIGURE 6 Load-deflection at ground line in silty clay.

2. If the pile 1s placed on a slope and loaded in the down-
slope direction, its ultimate lateral loading capacity is lower
than the capacity produced by a corresponding pile either
placed on the slope and loaded in the upslope direction or
placed on level ground. Therefore, to be on the safe side, the
downslope loading capacity should be used to determine the
design lateral resistance for CIDH piles placed on or near an
embankment.

3. The passive earth pressure acting on a pile is nonuniform
both circumferentially and longitudinally. Furthermore, the

magnitudes of earth pressure depend on the movement (dis-
placement or rotation) of the pile with respect to the soil.
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TABLE 4 LATERAL RESISTANCE OF MODEL TEST PILES

Soil Test # Loading Slope Lateral Resistance
direction (%) (1bs)
Sand 1 Horizontal N/A 1,040
2 Horizontal N/A 1,000
3 Horizontal N/A 1,000
4 Horizontal N/A 1,040
5 Horizontal N/A 970
6 Horizontal N/A 960
7 Downs1ope 56 450
8 Horizontal N/A 1,030
9 Downs1ape 59 520
10 Horizontal N/A 1,020
11 Downslope 60 540
12 Upslope 57 880
13 Upslope 58 900
14 Upsiope 60 870
15 Cross-slope 56 970
16 Cross-slope 56 860
17 Cross-siope 56 800
Silty 7 Horizontal N/A 2,650
Clay 8 Horizontal N/A 2,860
9 Horizontal N/A 2,970
10 Downs1ope 67 1,900
11 Upslope 67 2,970
12 Horizontal N/A 2,880
13 Downs)ope 67 1,480
14 Upslope 67 2,180
15 Horizontal N/A 2,430
16 Downs1ope 67 1,390
17 Upslope 67 3,630
18 Horizontal N/A 2,680
19 Downs1ope 67 1,050
20 Upsiape 67 2,550
21 Horizontal N/A 2,710
22 Downs1ope 50 1,820
23 Horizontal N/A 2,900
24 Horizontal N/A 2,760
26 Cross-slope 50 2,460
27 Cross-slope 50 2,550
28 Cross-slope 50 2,880
29+ Horizontal N/A 3,020
30* Horizontal N/A 2,930
31+ Horizontal N/A 2,920
32+ Downslope 67 1,260
33* Upslope 67 2,520
34> Horizontal N/A 3,110

* indicates cyclic loading tests
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Seismic Response of Tieback Walls:

A Pilot Study

RicHARD J. FRAGASZY, AMjAD ALI, GORDON M. DENBY, AND ALAN P. KILIAN

The results of a study on the seismic response of permanent
tieback walls prepared for the Washington State Department
of Transportation are presented in this paper. The use of per-
manent walls in highway construction has expanded greatly
during the past decade. The Washington State Department of
Transportation has been a pioneer in permanent tiechack wall
construction, especially along Interstates I-50 and I-90 in west-
ern Washington. Because of the high seismicity of this area,
it is necessary to evaluate the vulnerability of these walls to
earthquake loading. It is current Washington State Depart-
ment of Transportation design practice to assume that the static
design of a tieback wall retaining clayey soils provides an ade-
quate reserve of strength to prevent failure during seismic
loading. This is based on the assumption that the soil and the
wall move together and significant dynamic loads are not pro-
duced. For tieback walls retaining sandy soils, Mononobe-
Okabe dynamic soil pressures are added to the static design
pressure. The validity of these design practices is evaluated in
this paper. The results of a literature review clearly show that
very little work has been done on the seismic response of tie-
back walls and no analysis or design procedures have been
proposed. A pilot numerical study was undertaken for this
research project. A 40-ft-high wall with three levels of tiebacks
was analyzed using the program FLUSH. For this particular
example problem it was found that the wall and the soil tend
to move in-phase and that only negligible dynamic tie forces
are generated. However, the soil above and below the exca-
vation level tends to move out-of-phase, leading to significant
dynamic earth pressures on, and bending moments in, the wall
near the excavation level. Also, high vertical accelerations are
predicted, even though only horizontal accelerations are used
as input, The vertical accelerations appear to be caused by
rocking of the soil-wall system and lead to high bearing pres-
sures below the wall.

The use of tieback walls as permanent retaining structures
along highway right-of-way has grown significantly in popu-
larity during this decade, especially in the state of Washington.
The Washington State Department of Transportation
(WSDOT) makes extensive use of permanent ticback walls,
particularly in the Puget Sound area. In addition to those
walls already in service, new portions of 1-90 on Mercer Island
and on I-5 through Olympia currently being designed and
constructed by WSDOQT contoin several miles of ticback walls.

Both cohesive and granular soils are retained by these walls

R.J. Fragaszy and A. Ali, Washington Transportation Center,
Department of Civil and Environmental Engincering, Washington
State University, Pullman, Wash. 99164, G. M. Denby, Geo-
Engineers, Inc., 2405-140th Avenue, N.W., Bellevue, Wash. 98005,
A. P. Kilian, Materials Laboratory, Washington State Department
of Transportation, Olympia, Wash. 98504.

and the ground surface frequently slopes upward behind the
walls.

Because the Puget Sound region ranks as one of the more
active carthquake areas in the United States, dynamic loading
is considered in the design of transportation structures. Cur-
rent WSDOT design procedure related to seismic analysis of
tieback walls retaining cohesive soils is to assume that the
wali and retained soil move together and that no significant
additional stresses are imposed on the wall or the tiebacks.
Although there appears to be a general consensus among
geotechnical engineers that this assumption is reasonable, there
does not appear to be any information in the literature to
support it.

Current WSDOT design procedure for permanent tieback
walls retaining cohesionless soils is to use Mononobe-Okabe
dynamic soil pressures against the wall. These pressures are
then added to the static pressures and the wall is designed to
resist the combination. Again, this procedure is not based on
any research reported in the literature.

In order to validate and improve this current design meth-
odology, WSDOT and the Federal Highway Administration
(FHWA) provided funding for the authors to conduct a pilot
study of the response of tieback walls to earthquake loading.
This study included a review of literature related to seismic
response of tieback walls and a pilot dynamic finite element
analysis of the response of a specific model wall to earthquake
loading. In this paper the findings of the literature review are
summarized and the results of the pilot numerical analyses
are presented.

LITERATURE REVIEW

There are several recent books and FHWA reports that address
the design and analysis of tieback walls and permanent ground
anchors (1-5). Of these, only Hanna (2) specifically discusses
seismic loading of anchors and only two paragraphs are devoted
to the topic. The following quote from this book gives a good
summary of the current state of knowledge:

The subject of anchored structuics in Caitiguanc regions i
not well documented and, in future projects in such regions,
anchored structures should be monitored to assess the ade-
quacy of present design methods, load levels in anchors and
how the structure behaves under seismic loading. Until this is
done there must be some uncertainty about how best to design
prestressed anchor systems for these loading conditions.

There have been a few papers that discuss seismic loading
of tiebacks and cyclic loading of anchors. These are divided
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into numerical, laboratory, and field studies and are discussed
in the following paragraphs.

Numerical Studies

In what appears to be the first numerical study of seismic
response of tieback walls, Rutledge (6) used a pseudo-static
force in conjunction with a static finite element method to
design tieback walls with sloping ground surface. Anchor forces
equal to the dead load and a 0.2g horizontal pseudo-static
load were applied to the wall in the finite element analysis.
Soil elements were checked for failure and the procedure
repeated until a satisfactory stress distribution was obtained.
At this point the design load for the anchors was increased
by a factor of 1.5 and the soil wall system was reanalyzed
using a limit equilibrium analysis to ensure that the wall could
withstand a seismic coefficient of at least 0.25g. He also observed
that there is no standard method of analysis or literature
available on the seismic design of tieback walls.

The only other numerical study located by the search was
recently described by Siller et al. (7). The authors performed
a dynamic finite element analysis of a wall subjected to a
vertically propagating half-sine pulse with a frequency of 6.5
Hz and an amplitude of 0.5g. The model wall was 36.4 ft high,
including 10.4 ft below the excavation level. Two levels of
tieback anchors were used. The tiebacks were modeled by
incorporating a spring support for the wall at the tieback
locations. The tieback prestress was modeled by applying equal
but opposite nodal forces at the two ends of each tieback.
The tieback stiffness was 1.0 kip/ft, which models a 50-ft steel
tieback, with a diameter of 1.9 in., placed at a spacing of 8
ft longitudinally. It appears from the paper that the tiebacks
were horizontal.

The authors used both linear and nonlinear soil models in
their study. They concentrated the discussion of their results
on the differences in permanent displacements of the wall and
total force acting on the wall that are predicted using the two
soil models. They concluded that the nonlinear behavior leads
to a significantly reduced response and an accumulation of
permanent deformations of the wall toward the excavation.
They also concluded that the total force acting on the wall is
lower for nonlinear soil because of the permanent deforma-
tion of the wall.

Laboratory Studies

Murphy (8) carried out an experimental study on a model
wall in sand. The wall was made of %-in. thick solid rubber
and the tie rod was made of a strand of round sectioned
rubber. After vibrating the wall in a shaking table for 20 sec,
it was noted that the wall had translated horizontally while
remaining vertical. At this stage the strand was released to
simulate anchor failure. Planes of shear failure were observed
during vibration and after tie release. Murphy concluded that
active stresses under dynamic conditions are higher than those
under static conditions. He also found that the planes of shear
failure are at a lower angle than Rankine’s state both for
active failure behind the wall as well as passive conditions at
the toe.

Kurata et al. (9) performed shaking table tests on flexible
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anchored model walls in sand. They used a single anchor and
densified the sand by an initial stage of vibration before they
applied the accelerations. They concluded that the bending
moments and the tieback forces consist of two parts: an oscil-
lating part during the vibration and a residual part that remains
after the shaking ceases. They showed that the residual stresses
were considerably higher than the oscillating stresses. They
also showed the effect of soil modulus at the toe of the wall.
As expected, the bending moments near the toe increase with
an increase in the soil modulus and decrease with a reduction
of the soil modulus.

Most anchor studies using cyclic loads have used dead anchors
(anchors with zero prestressing). Prestressing the anchor over-
consolidates the soil between the wall and the anchor, thereby
reducing the rate of deformation under subsequent loading
(10). Also, the higher confining pressures tend to stabilize
sandy backfill materials (/7). Hanna et al. (12) indicate that
the general lack of related research may be due to the common
belief that preloading negates any adverse effects caused by
subsequent cyclic loads. They note the work of Carr (13) and
Abu Taleb (14). Carr (13) subjected a plate-shaped anchor
to repetitive loads showing that the displacements increased
with the application of cyclic loads but the ultimate pullout
capacity remained the same. Abu Taleb (14) performed tests
on prestressed anchors. He showed that repeated loads decrease
the prestressing force in the tie and that the higher the initial
prestress load, the lower the anchor displacement per load
cycle.

Hanna et al. (I2) performed 46 laboratory tests on plate-
shaped anchors, only two of which were preloaded to induce
displacement. These two anchors were then unloaded before
the cyclic load was applied. Although none of the tests were
performed on prestressed anchors, their results show general
trends of anchor behavior. They concluded that

1. Dead anchors undergo permanent movements when
subjected to repetitive loads.

2. Movements per cycle of load decrease as the number of
loading cycles progresses; however, for very large load ranges
instability may occur.

3. Alternating loads (positive to negative and vice versa)
cause much more severe conditions than repetitive loads (sign
remains the same).

4. Alternating loads reduce the life of an anchor tremen-
dously compared with repeated loads.

S. Prestressing does not completely eliminate movement
under subsequent loading; a small movement always occurs.

6. It is expected that prestressed anchors will behave sim-
ilarly to dead anchors, although the fatigue life of dead anchors
may be smaller.

In the current codes of practice, little attention is paid to the
effects of cyclic loads.

Field Testing

The only reference found that describes field testing deals
with the effects of nearby blasting on prestressed anchors,
and is reported by Littlejohn et al. (15). They concluded that
only nominal fluctuations occurred in the prestressing loads
even when the anchor heads were only 5 m from the first line
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FIGURE 1 Tieback wall used in numerical analyses.

of charge holes. However, the anchors were being used to
stabilize a rock slope, so the applicability of the results to
tieback walls in soil may be minimal.

PILOT NUMERICAL ANALYSES

As part of the work conducted during this research project,
pilot numerical studies have been performed. The intention
of this work is to help evaluate the significance of seismic
loading on static failure modes and to aid in the identification
of other failure modes (if any) created by the dynamic loading.
The work is not intended to be comprehensive, but rather to
highlight areas that need additional study. Clearly, more
sophisticated numerical analyses and physical modeling are
required before definite conclusions can be made.

The behavior of tieback retaining walls under earthquake
conditions is modeled using the finite element method. For
this purpose, a dynamic finite element computer program
FLUSH (16) is used. The program FLUSH only provides the
dynamic increment of stresses; therefore, a static finite ele-
ment program SOIL-STRUCT (17) is also employed to obtain
the initial static stresses in the soil and the wall.

Wall-Soil System

A 1-ft-thick concrete wall with three levels of ties is used in
all the analyses. Wall height is 40 ft with a penetration of 10
ft below the bottom of the excavation. The ties are spaced
vertically at 10-ft centers, horizontally at 7-ft centers, and are
inclined at an angle of 14 degrees from the horizontal. The
angle was selected to keep the anchors above the bottom of
the excavation. The unbonded length of the tie rods is approx-
imately 20 {t and the bond length is 20 ft. The anchor diam-
eter 18 12 1n. A schematic drawing of the wall is shown in
Figure 1.

Static Analysis

Initial stresses in the soil wall system caused by gravity and
the static stresses induced by the construction sequence are

simulated using SOIL-STRUCT. The state of stress in the
soil-wall system, after the final sequence of construction, is
used to compute input parameters for FLUSH, in particular
the initial shear moduli for the soil elements.

R-,undaries on both the left and the right sides of the mesh
a. . fixed in the horizontal directions only, whereas, the bot-
tom boundary is fixed against vertical movement as well. The
finite element mesh used with SOIL-STRUCT is shown in
Figure 2. It contains 238 elements and 270 node points.

The soil that is modeled in the analysis is a homogeneous
silty sand. Its properties are listed in Table 1. Further details
of the static input parameters are discussed by Ali (18).

Dynamic Analysis

In order to incorporate the stresses obtained from the static
analysis into the dynamic analysis, the dynamic finite element
mesh was chosen to be as similar as possible to the mesh used
in the static analysis. The mesh used for FLUSH, shown in
Figure 3, contains 214 elements and 230 node points. Some
of the major differences between the two meshes are:

e The ground anchors are modeled by springs in SOIL-
STRUCT and by continuum elements in FLUSH;

o Interface elements were not used in the dynamic analyses
as they are not available in FLUSH; and

e The right boundary of the dynamic mesh is placed at a
greater distance because of certain modeling constraints, as
described later.

To determine the importance of interface elements, an anal-
ysis was madc in which the elements bordering the wall were
given negligible strength. Comparison with the analysis reported
as follows indicates no significant differences.

Dynamic Model

In the FLUSH mesh, each ground anchor is modeled by two
linear elastic solid elements with the properties of concrete.
Ties connecting the wall to the ground anchors and the wall
itself are both simulated by one-dimensional beam elements.
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FIGURE 2 SOIL-STRUCT finite element mesh.

TABLE 1 SOIL PARAMETERS USED IN THE NUMERICAL
ANALYSES

Parameter Computer Program

SOIL-STRUCT FLUSH
Unit weight 125 1b/ft? 125 lb/ft?
Poisson’s ratio 0.3 0.3
Shear modulus — G = Ky(,,)"?
Initial tangent modulus E, = PK,(3/P) -

Unload-reload modulus
At-rest earth pressure

E“, = P,,K,,,(3/Pu)“ ==

coefficient 0.4 ==
Friction angle 368 —
Cohesion 100 Ib/ft> —

NoTEe: n = 0.5; P, = 2,120 Ib/ft> (atmospheric pressure); K,, = 500; and
K, = 700.

Prestressing of the anchors cannot be simulated in FLUSH.
However, the initial stresses calculated by SOIL-STRUCT,
which include the effects of prestressing, are used to input
initial shear moduli in FLUSH. A transmitting boundary is
used on the left side of the mesh. FLUSH, however, does not
allow a transmitting boundary on both sides unless both are
of equal height. Therefore, the right-side boundary is placed

TRANSMITTING
BOUNDARY GROUND ANCHORS
\ns- RODS

N

S — 1

at a distance of 2% times the height of the excavation and is
free to move in the horizontal direction only. This reduces
the effects of the boundary conditions on the area of interest
(i.e., the region close to the wall). The horizontal boundary
at the bottom represents a rigid base and is the location of
the input accelerations.

Dynamic Input Parameters

Input parameters for FLUSH include soil, concrete, and steel
properties, and a record of ground motion. Material prop-
erties include Poisson’s ratio, unit weight, shear modulus at
low strain, shear modulus for the first iteration (for soil) and
damping ratio for the first iteration.

The earthquake record used in the analyses was provided
with the FLUSH program. The time increment of the pro-
vided record is 0.02 sec and the duration of the record is 10.24
sec. A number of different time steps were used and finally
0.015 sec was chosen as it produced the maximum dynamic
amplification in the soil-wall system. This reduced the dura-
tion of the record to 7.68 sec. The maximum input acceler-
ation was set at 0.15g. The predominant period of the record

/WALL

ANl

TN =~
\-RIGID BASE

PRI

FIGURE 3 FLUSH finite element mesh.
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FIGURE 4 Input motion used in numerical analyses.

is 0.32 sec. A time history of the input motion used is shown
in Figure 4.

RESULTS

Although the numerical studies conducted to date are prelim-
inary in nature, they do shed considerable light on the prob-
lem. Of particular importance is the insight they give to the
question of in-phase versus out-of-phase motion. One of the
reasons often given for not considering seismic loading sep-
arately for tieback walls is the intuition that the wall and the
soil backfill are in-phase. This means that the soil and the
wall face tend to move together for the given hypothetical
conditions and that there is little to no relative movement
between them. It is often assumed that this will result in
negligible increases in load on the wall. Although this study
tends to confirm the in-phase behavior of the wall and the
backfill, it clearly points out a second, perhaps more serious,
consideration. On the basis of these numerical studies, it appears
that the soil above and below the bottom of the excavation
may not move in-phase. The analyses show that these two

DEPTH BELOWN GROUND SURFACE (ft)

layers of soil move in opposite directions during a significant
portion of the shaking. This can be seen in Figure S, which
shows the horizontal acceleration of each node point 1.965
sec after the beginning of shaking. The vertical dashed lines
represent zero horizontal acceleration. The soil lines repre-
sent the horizontal accelerations of the soil at that location
in the mesh. Where the solid line is to the left of the corre-
sponding dashed line, the soil is accelerating to the left; where
the solid line is to the right of the dashed line, the soil is
accelerating to the right. The magnitude of the acceleration
is given by the distance between the solid and the dashed line.
Although actual magnitudes of acceleration are difficult to
pick out, it is clear from this figure that the upper and lower
portions of the soil deposit are accelerating in opposite direc-
tions. This out-of-phase behavior leads to the development
of high horizontal pressures and bending moments at the exca-
vation level.

It was also found that relatively high vertical accelerations
are induced in the wall and the soil, even though the input
motion is entirely horizontal. This increases the bearing pres-
sure at the base of the wall and lowers the safety factor against
bearing capacity failure.

)
! :
! |
| !
{ |
I |
1 I
| |
1 |

RELATIVE HORIZONTAL ACCELERATION ({(q)

FIGURE 5 Horizontal acceleration at Time = 1.965 sec.
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FIGURE 6 Time histories of horizontal ground motion at four locations.

Finally, it was found that dynamic amplification of the base
motion was produced, resulting in peak horizontal ground
accelerations of 0.33g compared with a peak input accelera-
tion of 0.15g.

The three factors discussed all influence the response of the
wall-soil system. More detailed results are presented in the
following paragraphs for each of the major parameters of wall
behavior: displacements, horizontal accelerations, pressures
on the wall, bending moments, vertical accelerations and tie
forces.

Wall Displacements

The FLUSH program does not calculate absolute displace-
ments of the system, but rather pseudo-displacements. How-
ever, based on these data it is clear that some residual dis-
placement does occur because of shaking. Additional studies
will have to be conducted to determine the potential mag-
nitude of these displacements.

Horizontal Acceleration

Maximum horizontal accelerations in the wall occur at the
top, where they are slightly more than twice the maximum
input motion. The wall acceleration decreases with depth and
at the bottom of the wall it is only slightly higher than the
peak input acceleration. Amplification of horizontal accel-
erations in the free field is lower than that observed both in
the soil near the wall and in the wall itself. This is illustrated
in Figure 6, which shows time histories of horizontal accel-
eration at various locations.

Soil Pressures on the Wall

Large dynamic horizontal pressures are induced on the wall
near the bottom of the excavation. This can be seen in Figure
7, which shows the static pressure and the maximum dynamic
pressure on the wall versus the depth below the ground sur-
face. Below the excavation level the net soil pressure on the
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FIGURE 8 Static and peak dynamic moments in wall.

wall is plotted. The upper 30 ft of wall are subjected to only
negligible dynamic pressures, but beginning at the level of the
lower tiecback the pressures increase dramatically to a peak
of approximately 600 Ib/in.? 2 ft above the excavation. This
dynamic increment is approximately 40 percent of the static
pressure at this location. The reason for this large increase in
pressure is the out-of-phase motion of the upper soil versus
the lower soil.

The dynamic earth pressure predicated using the Monon-
obe-Okabe equations are also plotted on Figure 7. A wall
friction angle of 18 degrees and a horizontal ground accel-
eration of (.15g were used to obtain this pressure diagram.
In this case, the Mononobe-Okabe method overpredicts the
dynamic earth pressure by a significant amount except for a
small 2-ft interval near the excavation level.

Bending Moments

The movement of the wall and the large dynamic pressures
generated by the out-of-phase behavior of the soil above and
below the excavation level led to large dynamic bending
moments in the wall, as illustrated in Figure 8. In this figure,

the dynamic bending moment 1.965 sec after the beginning
of shaking is plotted versus location along the wall. These
moments are largest at the excavation level, where it is
approximately —4,500 1b-ft/ft. This dynamic moment is
approximately 10 percent of the static moments at this location
and, therefore, represents a reduction in safety factor. Similar
dynamic moments are produced at other times during the
shaking,.

Vertical Accelerations

Very large vertical accelerations, approximately equal to the
maximum horizontal input motion, are induced in the region
between the wall and the anchors. This is illustrated in Figure
9, which shows the time history of vertical acceleration at
Node Point 101, located at the ground surface behind the
wall. Sitar and Clough (79) also noted high vertical acceler-
ations when analyzing the seismic response of steep slopes in
cemented sands. It is believed that these accelerations are real
and not caused by difficulties in the numerical procedures.
Rocking of the soil-wall system is the most likely cause of the
vertical accelerations.
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FIGURE 9 Time history of vertical acceleration at Node 101.
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The wall itself also undergoes significant vertical acceler-
ations, as shown in Figure 10. These accelerations cause large
axial stresses to develop in the wall that are transmitted to
the ground. This is shown in Figures 11 and 12. Figure 11 is
a plot of maximum dynamic axial force in the wall as a function
of depth. The peak dynamic vertical stress in the ground
immediately below the wall can be seen in Figure 12.

It is possible that the lack of an interface element between
the wall and the soil might affect the predicted values of
vertical pressures beneath the wall. To estimate the possible
effects of slippage between the wall and the soil, an analysis
was conducted in which the stiffness of the soil immediately
adjacent to the wall was reduced to a negligible value. The
results indicate minimal effect, thus indicating that the lack
of an interface element does not appear to be a problem.

Tie Forces

In these analyses negligible dynamic load increments are induced
in the tie rods. The peak dynamic loads are —428 1b, —434
b, and 413 |b for the upper, middle, and lower tie rods,
respectively. In comparison, the prestressing force applied
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during construction is 11,000 Ib. It should be remembered,
however, that all three levels of tie rods are located in the
upper layer of soil above the base of the excavation. There
is little relative movement between the wall and the soil in
this layer. It is probable that significant tie forces would develop
in the tie rods in situations in which the anchors are located
in the lower soil layer. An even more important consideration
in this case is the possibility of load reversals occurring if the
anchor is moving out-of-phase with the wall. As discussed by
Hanna, significant loss of anchor strength may develop in such
a case.

DISCUSSION

It is important to realize the limitations of the numerical study
described above. Because the objective was to do pilot work
to determine whether a more detailed numerical study was
justified, only one wall and soil profile were considered. It is
with care, therefore, that general conclusions should be made
regarding other wall geometries, input motion, and soil pro-
files. This study does show that for at least one set of con-
ditions significant dynamic loading can occur.

It is likely that there are less favorable combinations of wall
geometry, soil profile, and input motion so the results of this
study cannot be taken as an upper bound. An example of a
case in which the loads on the wall might be much more severe
would be a wall that penetrated through a soft layer into a
very stiff one. Considerably lower forces might be generated
when the soil deposit was relatively uniform and the wall
height was small compared with the depth of the deposit.

Another limitation of this study comes from the selection
of a single soil profile. It appears that the major factor in the
response of the wall to seismic loading is the out-of-phase
behavior of the upper and lower soil layers. The location of
the anchors relative to the bottom of the excavation may also
be important. In an extreme case, an anchor embedded in a
very stiff layer below the excavation might be subjected to
load reversals when the upper soil is much softer. As described
in the literature review, load reversals significantly affect the
capacity of anchors and could lead to failure of the anchor
much more quickly than repeated loading without load
reversal.

Finally, it should be made clear that the program FLUSH
has many limitations that must be recognized when evaluating
the results of this study. The inability to include static stresses,
lack of an interface element, and inability to provide infor-
mation on permanent displacements limits its usefulness.
However, this study does point out potential problems that
should be examined in detail by more sophisticated methods.
The authors are continuing this work using a time domain,
nonlinear program, FLEX, which is believed to be better
suited for the analysis of this type of problem.

SUMMARY AND CONCLUSIONS

The results of a literature review and a pilot numerical study
of the seismic response of tieback walls are presented in this
paper. The literature review clearly shows that very little
research has been conducted on this subject and that there is
no recognized analysis-design procedure for seismic loading
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of tieback walls. The results of the pilot finite element analysis
point out at least two possible difficulties associated with
dynamic loading. The first is out-of-phase motion of the soil
above and below the excavation level. This can cause high
dynamic soil pressures on the wall near the excavation level
and high dynamic bending moments in the wall. This may
also lead to load reversals on anchors located below the exca-
vation level. The second is rocking of the wall-soil system
leading to high bearing pressures in the soil below the wall.

Based on this pilot work the conclusion is reached that there
are potential problems related to seismic loading of tieback
walls and more extensive numerical analyses are required to
determine the extent of these problems. The authors are cur-
rently engaged in a follow-up numerical study in which a more
complete parametric analysis is being conducted. Included in
the parameters to be studied in more detail are ground slope,
soil properties, anchor location, earthquake record and wall-
backfill geometry.
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Analysis of Tieback Slopes and Walls Using
STABL5 and PCSTABLS5

JamMEes R. CARPENTER

The purpose of this study was to develop a convenient method
for assessing the stability of tieback structures using the sim-
plified methods of slices. The Load Distribution Method was
developed to transmit the load from a row of tiebacks to the
potential failure surface for use with the simplified methods
of slices. The load from a row of tiebacks is assumed to form
a uniform line load that is distributed to the potential failure
surface. This distribution is based on Flamant’s distribution
of stresses through a semi-infinite elastic medium. STABLS
and PCSTABLS are limiting equilibrium slope stability pro-
grams that contain the Load Distribution Method routines.
These programs may be used to analyze the stability of tiedback
slopes for landslide stabilization, as well as to determine the
overall stability of tiedback walls. The programs consider mul-
tiple rows of tiebacks, multiple tiedback structures as well as
tieback loads, inclination, and length. The method developed
was found to give good results and is applicable to those prob-
lems in which the application of a semi-infinite elastic half space
may be used to model the slope conditions, and which may be
modeled using a two-dimensional analysis. This paper is a brief
review of some of the previously available methods for ana-
lyzing the overall stability of tiedback structures. In addition,
a discussion of the capabilities of STABLS and PCSTABLS is
presented, and the development of the Load Distribution Method
is summarized. The assumptions used in the development of
the Load Distribution Method are discussed, along with the
implications and limitations of using Flamant’s distribution.
The effect of tieback load on the factor of safety is also pre-
sented, along with recommendations concerning factors of safety
for overall stability of tiedback slopes and walls.

The use of tiebacks in geotechnical engineering, transporta-
tion, construction for support of transportation routes, con-
struction excavations, and landslide control has increased sub-
stantially within the last 10 to 15 years. As a result, the need
for a reliable and practical method of analyzing the internal
and overall (external) stability of slopes and retaining walls
subjected to tieback anchor loads has become evident.

Tiebacks are routinely used for both temporary and per-
manent support of excavated slopes. Tiedback or anchored
retaining structures for temporary and permanent support of
excavations may consist of soldier piles with wood lagging,
sheet piling, drilled concrete pile walls, or concrete diaphragm
walls constructed using the slurry trench method. Tiedback
retaining structures for stabilization of embankments and slopes
may be continuous along the length of a slope, as in soldier
piles and wood lagging, or may be discontinuous, as in tied-
back drilled piers with concrete bearing pads or buttress ele-
ments placed on the face of the slope.

The analysis of the stability of tiedback structures is a com-

STS Consultants Ltd., 2929-C Eskridge Road, Fairfax, Va. 22031.

plex problem. The stability of these structures is influenced
by, but not limited to (a) the lateral earth pressure behind
the wall; (b) the deformation of the soil-structure system; (c)
tieback characteristics (individual tieback loads, inclination,
horizontal spacing, overall length, size of anchor, method of
construction); and (d) soil characteristics. The analysis of tied-
back structures is further complicated by the fact that a two-
dimensional model is used to model a three-dimensional prob-
lem. Analysis of the overall stability of tiedback structures is
only one of the many considerations in the design of tiedback
structures for excavation support or slope stabilization. Because
many factors influence the stability of tiedback structures, and
because relatively little is known about these factors at the
time of design, a conservative approach is often used by geo-
technical engineers and design-and-build tieback contractors
in the design of tiedback structures.

Previously available methods for determining the internal
and overall stability of multiple tiedback structures (I-3) often
involved errors in the statement of the problem, or required
that arbitrary assumptions be made to perform the calcula-
tions, usually by hand (4). In addition, it was extremely dif-
ficult and tedious to take into consideration nonhomogeneous
soil conditions and multiple ticbacks with the previously exist-
ing methods of stability analysis. Therefore, there existed a
need for a convenient and logical method for determining the
internal and external stability of multiple tiedback retaining
structures considering nonhomogeneous soil conditions.

The purpose of this study was to develop a rational and
convenient method of assessing the internal and overall sta-
bility of tiedback and anchored retaining structures. As a
result, the Load Distribution Method (LDM) was developed
for analyzing the stability of tiedback slopes and walls in con-
junction with the simplified methods of slices contained in the
STABL programs. The LDM was originally programmed in
the slope stability programs STABL4 and PCSTABLA (5, 6)
and is also contained in STABLS and PCSTABLS. The
STABLS and PCSTABLS versions retain all the capabilities
and options of STABL4 and PCSTABL4. However, STABL5
and PCSTABLS are the only versions of STABL with the
enhanced capabilities of analyzing potential failure surfaces,
including ticdback slopcs and walls, using Spencer’s method
of siices. The focus of this paper wiil be on the LDM devel-
oped by the author because it is this method that is used most
frequently.

CAPABILITIES OF STABLS AND PCSTABLS

The STABLS and PCSTABLS programs calculate the factor
of safety against slope failure by a two-dimensional limiting
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equilibrium method. These programs are written in FOR-
TRAN and contain routines for analyzing slopes and walls
subjected to tieback loads. PCSTABLS is the microcomputer
version of the mainframe STABLS5 program and contains all
the options and capabilities of STABLS. The calculation of
the factor of safety against slope instability may be performed
using (a) the Simplified Bishop method of slices, which is
applicable to circular shaped failure surfaces; (b) the Simpli-
fied Janbu method of slices, which is applicable to failure
surfaces of a general shape, or; (c) Spencer’s method of slices,
which is applicable to surfaces having a circular or general
shape.

The STABLS and PCSTABLS slope stability programs fea-
ture unique techniques for random generation of potential
failure surfaces for subsequent determination of the more
critical failure surfaces and their corresponding factors of safety.
Circular, irregular, and sliding block surfaces may be gen-
erated and analyzed using either a random search technique
or specific input of the coordinates of a given potential failure
surface.

The programs are capable of handling heterogeneous soil
systems, isotropic and anisotropic soil strength parameters,
excess pore water pressure caused by shear, static ground-
water and surface water, pseudo-static earthquake loading
surcharge, and tieback loading. The tieback loading feature
provides for the input of horizontal or near-horizontal tieback
or line loads for analyzing the internal and overall stability of
tiedback or braced slopes and retaining walls.

Plotted output is provided as a visual aid to confirm the
correctness of problem input data. Error messages are gen-
erated within the program to pinpoint locations where input
data are inconsistent with STABLS/PCSTABLS’s input
requirements. Free-format data input eases the task of input
file preparation, which results in a reduction of input mistakes.

Plotting routines are provided for Calcomp-type plotters
(STABLS version) and for Hewlett-Packard plotters for use
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with the microcomputer version PCSTABLS. The PLOTSTBL
program is a BASIC program for plotting the graphical output
from PCSTABLS using either a Hewlett-Packard HP-7470A
two-pen plotter or an HP-7475A six-pen plotter. PLOTSTBL
reads the plotted output file created by PCSTABLS, which
contains commands and coordinates for plotting.

ANALYSIS OF TIEDBACK WALLS AND SLOPES

Tiebacks tie a structure to a stable soil mass through an anchor
secured in the earth. The components of a typical tiedback
retainingstructure are showninFigure 1. The anchoris attached
to a steel tendon, which is also connected to the retaining
structure. After installation of the tendon and grouting of the
anchor, the tendon is stressed (pulled) to the desired load
using hydraulic jacks. This load is then locked off and per-
manently applied to the structure. The load in the steel tendon
applies a stabilizing force to the structure that is developed
by the anchor in the stable soil mass. Tiebacks are different
from deadman anchors in that the tieback anchor is made
through a hole drilled or driven into the soil for installation
of the tendon.

Assumptions are made in the design of a tiedback retaining
structure concerning the lateral earth pressure distribution
behind the proposed wall. On the basis of the assumed lateral
earth pressure distribution, the location and magnitude of
load applied to each tieback is determined for the internal
(local) stability of the wall. The structure-anchor system must
be designed to resist the lateral earth pressures with a suitable
factor of safety (FOS). The tieback must then be designed to
carry the computed load. The length of the tendon and anchor
of the tieback must be made long enough so that the tieback
is beyond the area that would be disturbed by wall movements
and it will not pull out of the soil mass in which it is secured.

Tiebacks tie a structure to a soil mass that must also be
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FIGURE 1 Components of a tiedback retaining structure.
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FIGURE 2 Soil mass analyzed for overall

both internally and externally stable. The shape of the soil
mass analyzed for overall stability is often taken to be wedge
shaped, as shown in Figure 2. If a tiedback wall is properly
designed and the tiebacks have the desired capacity, the pres-
sure on the wall and the tieback will create stabilizing internal
forces within this soil mass. The soil-structure-anchor system
is then considered to be internally stable.

In addition to ensuring the internal stability of the soil-
structure-anchor system, the overall stability of the system
must also be checked and a suitable FOS determined. The
determination of the FOS for any potential surface that passes
behind the ends of the tiebacks is considered a FOS with
respect to overall (external) stability (Figure 3A), whereas
the FOS for any potential failure surface that passes between
the ends of the tiebacks and the wall is considered a FOS with
respect to internal stability (Figure 3B).

If the external stability is insufficient, it may be increased
by modifying the tieback geometry. This is usually accom-
plished by lengthening the tiebacks. Because the loads in
the tiebacks are internal forces within the soil mass wedge,
they do not increase the overall stability of the system. Increas-
ing the load on the tiebacks or increasing the number of tie-
backs will only serve to increase the internal stability of the
wedge. Because the cost per tieback increases as the length
increases, it is desirable to determine the shortest length of
tiebacks, while providing a suitable FOS with respect to exter-
nal stability.

For the overall stability of the soil-structure-anchor system,
the soil mass of Figure 2 is often analyzed. The wedge shape
of Figure 2 may be used to expedite hand calculations and is
a simplification of the actual conditions. This soil-structure
model forms the basis of the Krantz method. The forces tend-
ing to displace the soil mass are weight of the soil mass, W,
and the earth pressure, E,, on plane, AB. The earth pressure,
E,, on plane, AB, is usually taken as the active earth pressure,
although the at-rest earth pressure condition is sometimes
used, (Z). The external forces resisting displacement of the
soil mass are the tangential and normal forces, F and N, on
the failure plane, AC. The failure surface, AC, may not be
straight as shown, but may be curved depending on the soil
parameters. In addition, if the retaining structure penetrates

D
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stability analysis (7).

some distance below the subgrade, passive resistance, P, will
be mobilized at the base of the wall. The FOS with respect
to overall stability is defined as the ratio of the sum of the
resisting forces to the sum of the driving forces. A typical
suitable FOS for this type of analysis is 1.5 or greater (8).

It is important to stress that the tieback force is an internal
force within the wedge and does not affect the external sta-
bility of the soil mass. The tieback applies a load to the wall
that pushes on the soil. The forces between the wall and the
anchor are equal and opposite, which tends to compress the
soil.

The Krantz method is based on the soil mass of Figure 2
(1). The Krantz method is based on laboratory tests and anal-
yses in which an external pull (force) is applied to the soil
wedge. This method requires the calculation of an external
force that would be required to displace the soil wedge in
which the tiebacks are anchored. The external force is taken
as the possible tieback load. This method involves serious
errors in the statement of the problem that make it inappro-
priate for determining the overall stability of anchored struc-
tures (4). The errors result from the fact that the method
assumes that the tiebacks pull on the soil without pushing on
the wall. The analysis proposed by Krantz assumes that the
tieback force is an external force acting on the soil wedge,
whereas the tieback force is actually an internal force in this
wedge. The tieback is in tension between the wall and its
anchor and is not related to the force required to move the
wedge. It is therefore inaccurate to treat the tieback force as
an external force acting on the wedge that results in mixing
internal and external forces (4).

Unfortunately, the Krantz mcthod and others bascd on this
method (2, 3) are still used today. In light of the inaccuracies
of the methods based on the Krantz method, it is the opinion
of the author and of Schnabel (4) that this type of analysis
should be discontinued in practice because of the errors in
the model.

Other Uses and Methods Proposed

Other methods have been proposed 9-11) that use a wedge-
shaped soil mass, but properly consider the tieback force to
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FIGURE 3 Modes of tiedback wall stability and instability.

be an internal force within the soil mass. These methods are
rather straightforward for homogeneous soil conditions and
asingle row of tiebacks. However, the hand calculation required
for these analyses becomes cumbersome and tedious for mul-
tiple rows of tiebacks, layered, or nonhomogeneous soil con-
ditions. In some cases the method is not able to account for
these conditions or the definition of the FOS breaks down for
purely cohesive soils.

Tiedback retaining structures are frequently used for the
control of landslides. These structures, in addition to sup-

porting the soil mass directly behind the structure, must also
apply a sufficient resisting force to the sliding mass that it is
intended to stabilize. Not only must the tiedback retaining
wall, shown in Figure 4, be able to resist the lateral earth-
pressure forces produced by the soil mass directly behind the
wall (shaded portion), but it must also apply a resisting force
sufficient to stabilize the sliding soil mass above the landslide
failure surface.

A sliding mass can be stabilized by increasing the resisting
forces that act on it, or by decreasing the driving forces.

RETAINING WAL

FIGURE 4 Landslide stabilization using tiebacks.
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FAILURE
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Tiebacks stabilize a sliding soil mass by increasing the resisting
forces. Tiebacks can penetrate the sliding surface and apply
increased normal and tangential forces to the sliding body.
Tiebacks are an excellent tool for stabilizing landslides because
they provide a force that acts in nearly an ideal direction for
resisting the driving forces, without seriously aggravating the
stability of the slope.

It can be seen from Figure 4 that the largest component of
the tieback force acts in a horizontal direction. The tiebacks
also provide a component of force to the soil mass that increases
the normal force on the sliding surface. For soils with frictional
characteristics, it can be seen from Equation 1 that by increas-
ing the effective normal force, and hence effective normal
stress, N', on the sliding surface, the resistance to sliding at
the sliding surface will be increased.

§ =¢ + N'tan @’ (1)
where
S = soil shear strength,
¢' = effective soil cohesion,
N' = effective normal stress, and
@' = effective angle of shearing resistance.

(a)
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Both components of the tieback force on the failure surface
tend to increase the resisting forces on the sliding mass. Any
type of stability analysis performed on slopes subjected to
tieback loads should consider both components of resistance
offered by a tiedback structure for landslide stabilization.

Slope Stability Program Method

Slope stability computer programs based on a limiting equi-
librium method of slices are routinely used for determining
the stability of slopes and embankments. It is therefore logical
to attempt to use such an analysis tool for the determination
of the stability of tiedback structures used for landslide con-
trol. However, existing limiting equilibrium slope stability
computer programs, with the exception of the recent versions
of STABL, do not properly account for the presence of tie-
back loads in the determination of the FOS. This is especially
true for the simplified methods of slices, such as the Simplified
Bishop method and the Simplified Janbu method, which do
not satisfy both force and moment (total) equilibrium (12, 13).

When vertical uniform distributed loads are present on the
crest of the slope, there are no major drawbacks to using the
Simplified Bishop or Janbu methods. However, when using

NORMAL STRESS
DISTRIBUTION

(b)

-

e

\\
"~_NORMAL STRESS
DISTRIBUTION

FIGURE 5 Normal stress distribution on failure surface considering

a concentrated load.
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these methods for near-horizontal and inclined concentrated
tieback loads, these methods are inappropriate for the fol-
lowing reasons:

1. The vertical component of an inclined tieback load is
taken into account in the numerator of the FOS only on the
slice on which it acts. This does not conform to the idea that
stresses applied to the ground surface are diffused throughout
the soil mass (/4-17). Shown in Figure 54 is the distribution
of normal stress on the failure surface caused by the presence
of a concentrated load, such as an inclined tieback load, P,
applied to the face of a slope. It is clear from this figure that
the tieback load is only taken into account on the slice on
which it acts. The normal stress on this slice is greatly increased,
whereas nearby slices remain unaffected. As a result, the soil
resistance calculated for the slice on which the tieback load
acts (Equation 1) will be extremely high, whereas the soil
resistance of nearby slices will remain unchanged by the pres-
ence of the tieback load. The result is that the real FOS for
the slice on which the tieback load acts will be very high,
whereas the FOS of the remaining slices will be unchanged.
This problem is especially critical when the width of the slice
is small, as is typically true for near-vertical tiedback retaining
structures, shown in Figure 5B.

2. The horizontal component of a concentrated tieback load
is taken into account only in the denominator of the FOS. It
will be seen later that the horizontal component of the tieback
load produces normal and tangential forces on the base of
the slices that contribute to the stability of the slope.

3. A concentrated horizontal load whose line of action passes
through the center of rotation will not be taken into account
in the FOS determination with the Simplified Bishop method
of slices because the moment arm of the load will be zero;
hence the resisting moment from such a load will also be zero.

It is apparent from this discussion that the previously avail-
able slope stability programs using the simplified methods of
slices are not capable of properly accounting for the presence
of concentrated loads such as tieback loads. In reality, large
compressive stresses, resulting from the presence of a tieback
load, are distributed throughout the soil mass to the base of
nearly all the slices of the sliding mass. These stresses cause
the normal and tangential stresses to be increased on the base
of every slice of any failure surface that passes between the
tieback anchor and the retaining structure. Any analysis for
determining the stability of slopes subjected to tieback loads
should consider these increases in stresses at the base of each
slice of the sliding mass.

LOAD DISTRIBUTION METHOD: STABLS AND
PCSTABLS

In an attempt to account for the diffusion of compressive
stresses throughout a soil mass caused by the presence of
tieback loads, the author has developed the LDM, for use
with the simplified methods of slices. The LDM was originally
programmed in the slope stability computer programs STABL4
and PCSTABLA4, and is also contained in the STABLS and
PCSTABLS programs. The LDM eliminates the drawbacks
inherent to computerized slope stability analyses as already
discussed. Unlike other slope stability programs, STABLS/
PCSTABLS distributes the force from a concentrated load
throughout the soil mass to the whole failure surface and
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hence to nearly all slices of the sliding mass. STABLS5 and
PCSTABLS are the only known limit equilibrium slope sta-
bility programs that attempt to account for the distribution
of force to the failure surface caused by concentrated bound-
ary loads, such as tieback loads.

The LDM routines in STABLS/PCSTABLS are applicable
to circular and noncircular faiture surfaces and are specifically
formulated to handle tieback loads, but are also capable of
handling other types of loads applied to the ground surface
such as strut loads from a braced excavation. A detailed dis-
cussion of the derivation of LDM is beyond the scope of this
paper. However, the reader may consult Carpenter (18) for
the complete derivation of the LDM.

Theory

A post-tensioned tieback applies a force to the structure that
it supports. This force is developed by the tieback anchor
within the soil mass. Because the forces between the wall and
the tieback anchor are equal and opposite, they place the soil
between the structure and the anchor in compression.

The LDM diffuses the stresses caused by the tieback load
to the potential failure surface. This is accomplished by replac-
ing the load applied to the ground surface with a statically
equivalent distribution of forces applied to the midpoint of
the base of the slices along the potential failure surface. By
doing so, the load is distributed to the base of all, or nearly
all, of the slices, depending on the slope geometry. The dif-
fusion of stresses within the slope and the increase in forces
along the potential failure surface are therefore considered
in the determination of the FOS.

The distribution of stresses to the potential failure surface
used in the LDM is computed according to Flamant’s distri-
bution of stresses through a semi-infinite elastic half-space
(15), as proposed by Tenier and Morlier (19). Flamant’s dis-
tribution of stresses was adapted to the problem of tiedback
slopes and walls because of its simplicity while evaluating and
attempting to correct the potential errors associated with
applying this method to analysis of tiedback slopes and walls.
It is recognized that soils are not necessarily elastic and that
tiedback slopes or walls do not necessarily conform to a semi-
infinite elastic half space. Although soils do not generally
behave as elastic materials, many solutions to the distribution
of stresses throughout soils have shown that this approach is
practical and reasonable for engineering purposes (14, 16, 17).
Although Flamant’s formula is based on planar stress, it will
be seen later that the distribution of stresses obtained using
Flamant’s distribution of stresses, modified to ensure that the
stress distribution obtained is in static equilibrium with the
applied tieback load, seems reasonable when compared to
finite element studies performed by Tenier and Morlier (19).

The primary assumptions used in the formulation of the
LDM may be summarized as follows:

1. It is assumed that a linearly elastic half space model may
be used to generally describe the slope conditions being ana-
lyzed,

2. A uniform line load is assumed to exist horizontally
between adjacent tiebacks so that the three-dimensional tie-
back problem may be analyzed using a two-dimensional anal-
ysis, and,
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P = CONCENTRATED LOAD

A

/-BOUNDARY SURFACE

Cr

FIGURE 6 Flamant’s distribution of stress.

3. The stresses around the grouted anchor are not consid-
ered in the analysis.

The significance of these assumptions will be discussed later
with respect to the limitations of the analysis.

The distribution of stresses obtained using Flamant’s equa-
tion is resolved into a distribution of discrete forces acting at
the midpoint of the base of the slices. The resulting force
distribution is modified so that the distribution of forces along
the failure surface is in static equilibrium with the load applied
to the ground surface.

According to Flamant (15), for a semi-infinite mass sub-
jected to a concentrated load, P, the distribution of stresses
is radial and is given (see Figure 6) by:

o, = 2(P) cos ®/(m)(R) x (compression) 2)

where

o, = radial stress at a point,

<

LINE OF ACTION

= distance to the point in question, and

= angle formed by the line of action of the oncentrated
load, and the line connecting the point of application
of the load on the boundary surface and the point in
question.

S

If the trial failure surface intersects the tendon portion of
a row of tiebacks, an equivalent line load is calculated for
them. If the trial failure surface passes behind or through the
grouted anchor, the tieback load is not considered in the
determination of the FOS because the tiebacks are internal
to the sliding mass. The individual tieback load, P, for a given
row of tiebacks, is divided by the corresponding horizontal
spacing, H, between tiebacks. The resulting equivalent line
load is designated as TLOAD (Figure 7), and is inclined from
the horizontal by an angle, INCLIN.

The author assumes that the replacement of discrete tieback
loads by an equivalent line load is valid for tiedback structures

P = concentrated load applied to an elastic half space, because tiebacks are normally closely spaced (horizontally)
RAA
DX
POTENTIAL
FAILURE
SURFACE >
= \ -
INCLIN™ TLOAD NCLIN
=
i \‘-----‘h DEV
‘1 - TTYuUETA Pnonu / ALPHA
(" - TYUETA x
\Q,
{K N~/ DEV

ALPHA1

FIGURE 7 Transfer of tieback load to potential failure surface.
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and are anchored to horizontal load-bearing elements, such
as steel wales that transfer the tieback load to the retaining
structure. Based on the assumption of a uniform line load
being formed between ticbacks, the LDM neglects any three-
dimensional effects that may exist. If horizontal load-bearing
members are not present on a tiedback structure, or if the
horizontal spacing between tiecbacks is large, then this assump-
tion is no longer valid.

The radial stress on the midpoint of the base of a given
slice is calculated using Flamant’s formula:

o, = 2 (TLOAD) cos (TTHETA)/(w) (DIST) 3)
where

o, = radial stress at the midpoint of the base of

the slice,

equivalent tieback line load for a row of tie-

backs,

TTHETA = angle formed by the line of action of TLOAD,
and the line connecting the point of appli-
cation of the tieback on the ground surface
and the midpoint of the base of the slice,

w = pi, and
DIST = distance between the point of application of

TLOAD on the ground surface, and the

midpoint of the base of the slice.

TLOAD

Il

The radial force, PRAD, at the midpoint of the base of a
slice because of a given tieback load, is calculated by multi-
plying the radial stress at that point in the soil mass by the
length of the base of the slice (DX), see Figure 7. Because
of slope geometry (i.e., slope is not a semi-infinite half space),
location of the tiebacks with respect to the failure surface,
and shape of the failure surface, the sum of the radial forces
acting at the midpoint of the base of the slices in the direction
of the line load is normally not in static equilibrium with the
applied load, TLOAD. As a result, a single multiplication
factor is applied to the radial forces acting on the base of all
the slices so that the sum of these forces is in equilibrium
with the applied load. The refined radial force acting on the
base of each slice is broken into its components normal and
tangential to the base of each slice, PNORM and PTAN,
respectively.

The entire process outlined above is repeated for all addi-
tional rows of tiebacks. The normal and tangential compo-
nents of the tieback loads due to all rows of tiebacks are
summed on each slice, and it is these forces that are used in
the FOS equations.

Distribution of Load to Failure Surface

The distribution of stress (and hence force) to the base of the
slices of the sliding mass has been studied in detail to verify
the reasonableness of the distributions generated. The fol-
lowing discussion examines the distribution of stresses to the
potential failure surface produced by the LDM.

To clearly demonstrate the distribution of normal and tan-
gential stresses (and hence forces) to a failure surface pro-
duced by the LDM, a simple 15-ft (4.57-m) high tiedback wall
has been chosen as an example (Figure 8). Two different
configurations of tiebacks are considered to demonstrate the
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change in distribution of stress produced along the circular
potential failure surface shown with variation in tieback-fail-
ure surface geometry.

The wall is shown in Figure 8A4, subjected to a horizontal
tieback load of 25 kips. The 25-kip tieback load is replaced
by an equivalent distribution of normal and tangential stresses
on the failure surface as computed using the LDM. The dis-
tribution of normal stress along the failure surface is smooth
and is largest at approximately the midpoint of the failure
surface (point B).

The same wall is shown in Figure 8B, subjected to a tieback
load of 25 kips inclined at 30 degrees from the horizontal.
The normal stress distribution is similar to that of Figure 84,
except that the stress distribution is shifted lower on the failure
surface.

Similar distributions are also obtained for tangential stresses.
The stresses produced by more than one row of tiebacks are
superimposed to produce a combined stress on each slice.

Tenier and Morlier (19) obtained similar distributions of
normal and tangential stresses. They compared the results of
finite element analyses with those obtained using Flamant’s
distribution of stresses corrected for static equilibrium. The
results verified that the distributions of normal and tangential
stresses obtained using Flamant’s distribution of stresses, cor-
rected for static equilibrium, were in good agreement with
those obtained using a finite element model. Tenier and Mor-
lier’s analyses were performed on simple slopes subjected to
tieback loads with homogeneous elastic soil parameters. The
analyses did not consider nonhomogeneous soil conditions,
ground water tables, pore pressures, or earthquake loading.
STABLS5 and PCSTABLS, on the other hand, are capable of
handling all the conditions already mentioned.

Load Versus Factor of Safety

One of the prime factors considered in the design of tiedback
structures is the determination of the magnitude of the applied
load required to ensure stability. The effect of the magnitude
of the applied load was investigated for various soil conditions
using the soil mass defined by the potential failure surface
shown in the simple slope of Figure 9.

The effect of increasing the normal force on the failure
surface, through the use of an applied load such as a tieback
load, will not increase the mobilized soil resistance for slopes
with purely cohesive soil characteristics (Equation 1) because
® = 0. Therefore, the distribution of the component of an
applied load normal to the failure surface will have no effect
on the overall stability of the slope. However, the tieback
does offer resistance to sliding through the distribution of the
component of the tieback load tangential to the potential
failure surface.

Demonstrated in Figure 10 is the effect of increasing load
on the FOS for three purely cohesive soil strengths for the
slope shown in Figure 9. The FOS is observed to increase
nearly linearly with an increase in applied load. Note that the
increase in FOS is due only to the presence of the components
of the load tangential to the potential failure surface.

For slopes with both cohesive and frictional soil strength
characteristics, the resistance to sliding will be increased by
the distribution of both the normal and tangential components
of the applied load acting on the potential failure surface.
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The results obtained when the slope of Figure 9 was analyzed
with three different ¢ ~ @ soil strength characteristics are
shown in Figure 11.

As with purely cohesive soils, the FOS increases with
increasing load. However, the rate of increase (slope of the
lines) in FOS with increasing load is greater than that of Figure
10 for purely cohesive soil conditions.

For ¢ ~ ® soils, both components of the applied load dis-
tributed onto the failure surface act to increase stability. The
FOS increases at a faster rate for the slope with ¢ ~ ® soil
characteristics, because the distribution of the normal com-
ponent of the load on the failure surface acts to increase the
mobilized soil resistance. This resistance is in addition to the
resistance offered by the distribution of the tangential com-
ponent of the load along the failure surface.

Note that at large loads a rather significant increase in FOS
is obtained even if the soil has a relatively small ® value. In
addition, inspection of Figures 10 and 11 indicates that the
soil strength parameters chosen for stability analysis have a
profound effect on the FOS. As in any stability analysis, the
choice of soil strength parameters is one of the most critical
factors affecting the FOS obtained (20).

Limitations

The use of STABLS and PCSTABLS for the analysis of the
stability of tiedback slopes and walls is limited to those prob-
lems that lend themselves to the assumption that a uniform
line load may be assumed to exist horizontally between tie-
backs. Where this assumption is not valid, other methods of
analysis may be more appropriate.

2.5
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The analysis of the stability of tiedback structures using the
LDM is appropriate in cases in which the overall slope may
be generally modeled as a semi-infinite half space.

The LDM does not take into account the relative stiffness
of individual soil layers because it is based on a solution of
stress distribution through a homogeneous elastic half space.
Hence, with the LDM, the stresses distributed to the potential
failure surface are independent of the deformation charac-
teristics of the soil profile. In other words, the load from a
tieback will be distributed to a potential failure surface in the
same way for both a homogeneous soil profile and a layered
soil profile. This limitation is not significant for most layered
soil profiles whose individual soil layers do not have grossly
different stiffness characteristics. However, this limitation may
be more significant for soil profiles that have grossly different
soil layer stiffness characteristics. This topic is worthy of fur-
ther investigation.

It is important to note that limiting equilibrium slope sta-
bility methods, as used in the STABL programs, do not con-
sider displacements of the soil mass or the tiebacks. Displace-
ments may result in increased loads on the tiebacks and reduced
soil resistance.

Given the limitations already discussed, along with the
assumptions used in the development of the LDM, the rea-
sonableness of any solution provided by STABL or any other
computer-generated solution must be judged by the engineer
to ensure that the conditions analyzed are modeled properly,
and that the solution obtained is reasonable.

The analysis of the stability of a tiedback structure is just
one of many design considerations in the design of a tiedback
retaining structure. STABL is only one tool for performing
the stability calculations. Other considerations in the analysis
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and design of tiedback structures must be designed and ana-
lyzed separately.

For a detailed discussion of the development and limitations
of the LDM, the reader is encouraged to consult Carpenter
(18).

SUMMARY

The purpose of this study was to develop a rational and con-
venient method of assessing the internal and overall stability
of tiedback and anchored retaining structures. Such a method
has been developed by the author in the LDM and is contained
in the slope stability programs STABLS and PCSTABLS. The
LDM was developed for the analysis of tiedback slopes and
walls for use with the simplified methods of slices. The pro-
grams contain routines that consider multiple rows of tie-
backs, multiple tiedback structures as well as individual tie-
back loads, tieback inclination, horizontal spacing between
tiebacks, and the length of individual tiebacks. The STABL
programs are the only known slope stability programs that
specifically consider the effect of tiebacks on the stability of
tiedback slopes and walls.

Previously available methods for determining the overall
stability of tiedback structures were reviewed and the use-
fulness and limitations of these methods were discussed. Par-
ametric studies were performed during the development of
the LDM to determine the reasonableness of applying the
assumptions used in the method of solution to tiedback slopes
and retaining walls. In addition, the effect of tieback load on
the FOS was presented for several different soil conditions.

P

30

(kips/ft)

These studies revealed that the method generally gives rea-
sonable results. However, recognizing that a semi-infinite elastic
half space model is assumed to generally apply to the problem
of tiedback structures, and that a two-dimensional analysis is
used to model a three-dimensional problem, a conservative
approach should be used in selecting the minimum required
FOS for tiedback slopes and walls using the LDM.

CONCLUSIONS

1. The LDM as programmed in STABLS5 and PCSTABLS
programs is a useful tool for analyzing the overall stability of
tiedback retaining structures for support of excavations or for
slope stabilization. The method generally gives good results,
but it is important to recognize what assumptions are used in
the analysis and how these assumptions relate to the limita-
tions of analyzing the stability of tiedback structures.

2. Analysis of the stability of tiedback structures is a com-
plex problem and the stability of these structures is influenced
by, but not limited to (a) the lateral earth pressure behind
the wall; (b) the deformation of the soil-structure system; (c)
tieback characteristics (individual tieback loads, inclination,
horizontal spacing, overall length, size of anchor, method of
construction); and (d) soil characteristics. The analysis of tied-
back structures is further complicated by the fact that a two-
dimensional model is used to model a three-dimensional prob-
lem. Recognizing that assumptions concerning these items are
required and that assumptions concerning the distribution of
loads are introduced into the calculation of the FOS using the
LDM for tiedback slopes and walls, a conservative approach
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should be used in selecting the minimum required FOS for
tiedback slopes and walls.

3. The LDM is preferred over existing methods based on
the Krantz method for analysis of the stability of tiedback
structures because the LDM does not mix internal and exter-
nal forces within the soil mass analyzed. It is the author’s
opinion that methods based on the Krantz method should be
discontinued because such methods involve serious errors in
the problem statement.

4. The reasonableness of any solution provided by STABL,
or any other computer-generated solution, must be judged
by the engineer to ensure that the conditions analyzed are
modeled properly, and that the solution obtained is reason-
able.

5. The soil parameters used in the analysis of the stability
of slopes have a profound effect on the FOS. It was found
that for a relatively small change in the soil parameters input,
a relatively large change in the calculated FOS was obtained.
Therefore, the results obtained from any stability analysis are
only as reliable as the data input in the analysis.
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