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Foreword

The nine papers in this Record, which deal with various means and methods for extending
the life of concrete structures, should be of interest to engineers working in design,
construction, maintenance, and materials.

Borgard et al. discuss the relationship between cracking patterns and corrosion of the
reinforcing steel in concrete structures. They describe in detail the corrosion found in
several concrete structures, including parking garages, walls, bridge decks, and pavement
overlays and propose a causal relationship between the cracking patterns and the cor-
rosion. Crumpton offers a different interpretation of the findings.

Callahan reports on an Iowa research project that sought to determine whether any
of four alternative deicing chemicals could inhibit the corrosion of reinforcing steel in
concrete structures. A diluted solution of each of the deicing chemicals was applied to
a steel sample by immersion and to a reinforced concrete block by ponding; a diluted
solution of NaCl was also applied. Test results are compared.

Berke and Rosenberg present a historical review of the literature on the use of calcium
nitrite as an additive to concrete mix to reduce corrosion in reinforcing steel and to
improve the concrete’s compressive strength and freeze-thaw durability.

Clear presents results of an effort using the linear polarization technique to measure
the rate of steel corrosion in concrete structures. Resulting information is discussed, as
well as how it can be used to project future distress and its rate of change.

An investigation into the collapse of a 33-year-old, segmental, post-tensioned concrete
bridge in Wales is described in the paper by Woodward. This account discusses the
bridge’s structural characteristics and its inspection history. Findings of the investigation
have resulted in concern about the condition of other post-tensioned concrete bridges
in which tendons pass through joints.

Schell et al. describe the use of embedded reference cells to measure steel’s electrical
potential in cathodically protected, reinforced concrete members. Electrical potential
must be measured accurately to monitor the level of cathodic protection provided for
the reinforcing steel. The indoor and outdoor laboratory and field tests performed to
evaluate the suitability of a number of embedded reference cells are described.

Described by Osegueda et al. are the results of a study conducted to verify that a
simple span bridge redecked with precast concrete panels connected by steel studs to
the supporting beam system can act as a full-composite structure. The construction and
installation procedures of the precast deck and the procedures used to obtain field
measurements are discussed, as are findings on the evaluation of a full-composite finite
element model used to identify the degree of composite interaction achieved.

Ghorbanpoor and Shew focus on the use of a nondestructive evaluative technique
using the Magnetic Field Disturbance (MFD) system to detect flaws in reinforcing and
prestressing steel in concrete bridges. The authors describe the laboratory and field
studies performed, the limitations of the equipment used, and the accuracy of the results
obtained in terms of a percent loss of the steel cross-sectional area.

Jiang and Sinha describe a bridge management system to help bridge managers to
make consistent and cost-effective decisions related to maintenance, rehabilitation, and
replacement of bridges systemwide. The procedure uses dynamic programming, integer
linear programming, and Markov chain.
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Correlation Between Corrosion of
Reinforcing Steel and Voids and
Cracks in Concrete Structures

B. BorGgarD, C. WARREN, S. SomaYAJ1, AND R. HEIDERSBACH

The corrosion of metals in concrete is a multibillion-dollar
problem in the United States. Most of the corrosion-in-concrete
literature claims that deicing salts, or other sources of envi-
ronmental chlorides, permeate concrete structures and lead to
corrosion, which causes subsequent cracking of the overlying
concrete. This report presents the results of analyses of cor-
roded reinforced concrete structures and correlates structural
loading patterns, cracking, and corrosion. The results of these
analyses support the conclusion that, for the structures ana-
lyzed, the corrosion was a consequence of cracking.

The corrosion of metals in concrete and similar cementitious
materials has been a matter of concern for decades. Some of
the earliest National Bureau of Standards (NBS) reports dis-
cussed corrosion in concrete (/,2), and a 1940s NBS report
dealt with corrosion in masonry buildings (3).

Industrial practice through the 1960s was to assume that
‘““‘quality concrete” would limit or prevent corrosion. Empha-
sis was placed on following quality control procedures, main-
taining adequate depth of cover (2.5 cm or more, depending
on the authority in question) (4), and using concrete with low
water:cement ratios and high cement factors (5).

Although there were isolated failures of metals in concrete
(5-8), and some limited research reports (9), interest in this
subject was at a low level until problems associated with the
United States interstate highway program began to attract
attention in the early 1970s (10). Since that time virtually all
concrete-related corrosion research in the United States has
been directed at highway bridges and structures. The focus
of this effort is justified by the magnitude of the highway
problem, which has been estimated to require billions of dol-
lars in the United States (11,12).

Problems associated with concrete and masonry buildings
are starting to appear in increasing numbers. The collapse of
the Berlin Congress Hall (Figure 1) (/3) and of a parking
garage in Minnesota (Figure 2) are but two of an increasing
number of instances where moisture ingress has led to the
loss of structural components, roofs, or, more commonly,
building facades (14,15). Much of the information associated
with these problems has not been released to the general
public, because lawsuits are often associated with these fail-
ures (15). To cite one example, a reported problem from the
1960s was not published until 1977 because of ongoing liti-
gation (8).

Corrosion Research Laboratory, California Polytechnic State Uni-
versity, San Luis Obispo, Calif. 93407.

FIGURE 1 Collapse of the Berlin Congress Hall due to
hydrogen-assisted cracking of post-tensioning cable.

The purpose of this report is to compare the results of
analyses of corrosion and cracking patterns in a number of
reinforced concrete structures. The causes of corrosion are
related to cracking, voids, and environmental salts.

PARKING GARAGES

The corrosion of reinforcing steel in parking garages is similar
in many respects to the more commonly reported problems
of corrosion in highway bridges. Figure 3 shows a permanent-
form concrete floor slab in a parking garage in New England.
The strain gage in the center of the photograph is used to
measure deflection across the cracked concrete (/5). The
cracked concrete allowed the permanent steel forms to get
wet and to corrode. Similar corrosion occurred under the
cavity, formed by plastic debris, shown in Figure 4, which
shows a parking garage in New York State. Corrosion in
parking garages with construction of this type has been involved
in several widely publicized lawsuits (8,15).

Corrosion of steel in cavities has been known about for
years (5), yet it has received less attention than corrosion
associated with cracks. Significant cracks are more likely to
form in the floor slabs of parking garages than in highway
bridges, because parking garage decks are not as stiff as most
highway bridge decks.



FIGURE 2 Collapse of a Minnesota parking garage due to
corrosion of reinforcing steel (15).

FIGURE 3 Corrosion of permanent-form decking underneath
the concrete floor slab of a parking garage. Note the strain gage
used to measure deflections across the crack (15).

HIGHWAY STRUCTURES

Most of the North American literature related to corrosion
in concrete discusses highway bridges and similar structures.
Unfortunately, detailed comparisons between structural char-
acteristics, cracking patterns, and corrosion are seldom
reported.

Crack Patterns

The form-in-place construction shown in Figures 3 and 4 can
produce accelerated corrosion in flexible parking-garage floor
slabs. The impermeable metal forms allow salty water into
the slab for extended periods of time (8). The same construc-
tion technique could slow corrosion on stiff highway bridge

TRANSPORTATION RESEARCH RECORD 1211

FIGURE 4 Corroded permanent-form decking on a parking
garage. The cup lid made imprints in the concrete and left a void
in which moisture could collect.

decks, where the metal bottom would produce an imperme-
able surface that limits the amount of oxygen that reaches the
lower reinforcing steel mat of a bridge deck. Many authoritics
believe that corrosion of the upper reinforcing steel (the anode)
is sustained by the availability of oxygen to be reduced at the
lower rebar mat (the cathode) (10,16).

Reinforced concrete is designed on the assumption that it
will crack (16), and the reinforcing steel serves as a load
transfer medium to support structural stresses in cracked
regions. The minimum spacing between cracks can be related
to the stresses on the structure and the surface area of the
steel at a given location (/7). Uncracked concrete is a “lab-
oratory curiosity” (10, p.49).

Crack patterns in reinforced concrete structures can be
structural, related to loading patterns on the structure, or
nonstructural. Figure 5 and Table 1 explain nonstructural cracks
caused primarily by concrete placement and curing practices
(18). These cracks can cause corrosion if they extend to the
underlying reinforcing steel (17). The corrosion will be more
significant if the cracks are parallel to the reinforcing steel
instead of crossing the steel (16).

Figure 6 shows how many cracks may not reach down to
embedded steel and, thus, do not cause corrosion (19). Even
if they do extend this deep, autogenous healing (20) may occur
and prevent corrosion. Studies such as the one that produced
Figure 6 are often cited to support the contention that cor-
rosion is more likely to cause cracking than to be a result of
cracking (16). Unfortunately, the crack pattern shown in Fig-
ure 6 was taken from a research project that studied unloaded
or statically loaded concrete. Dynamically loaded concrete,
such as that found on such actual structures as bridge decks,
may behave differently.

Figure 7 shows the crack pattern on a core removed from
a concrete wall in coastal California. Note that the cracks are
narrower at the reinforcing steel than at the surface. This
crack pattern, with cracks near the steel being smaller than
those farther away from the steel, is common in research on
cores removed from building walls, marine piers, and highway
bridge decks. If corrosion had caused these cracks, they would
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FIGURE 5 Nonstructural cracking patterns on reinforced concrete bridge (18).

be wider near the metal. Since the cracks are narrower at the
steel than at the surface, they must be due to other causes.
Guidance is available on how these cracks form. Unfortu-
nately, there is no nondestructive method presently available
for determining crack widths except where they intersect the
concrete surface (/8).

Figure 8 shows the spalling pattern at one end of a bridge
that “‘vibrated and shook with some vigor whenever a heavily
loaded truck moved over the bridge. . . . The vibrations were
more intense in heavily damaged areas than in sound areas
of the deck” (27). The long-term study of this bridge produced
the following results:

1. The damage was concentrated between the piers, not
over them;

2. The damage was concentrated between the stringers, not
over them; and

3. The damage was concentrated between the floor beams,
not over them. (27)

All the preceding results point to spalling resulting from
fatigue cracking of the bridge deck. Corrosion of this bridge
depended on the cover depth over the steel. All these results
are consistent with structurally induced cracking leading to
corrosion. Increased depth of cover was a common approach

to control of reinforcing steel corrosion (22) when the report
just discussed was published.

Static structural loads can also produce corrosion at loca-
tions of high stress. Correlations between tensile stress,
corrosion, and increased chloride penetration are available
(23).

The corrosion and spalling of reinforced concrete bridge
decks increased at roughly the same time as highway orga-
nizations started using more deicing salts (10,11). This can be
interpreted as an indication that increased corrosion was caused
by the salts and led to the spalling (10,11). An alternative
explanation is also possible. The cracking evident in Figures
9 and 10 shows a general crumbling of concrete along the
edge of a bridge in Missouri. Much of the deterioration is
away from reinforcing steel and is due to a combination of
salt and freeze-thaw damage. This type of damage can cause
extensive structural problems unrelated to corrosion (24). The
spacing between cracks in these figures is too close to be
related to structural loading (22). The damage patterns shown
in Figures 9 and 10 do not occur in coastal locations that have
an abundance of salt but few, or no, freeze-thaw cycles. The
cracking shown in these pictures, which is extreme, can allow
access of salt water to steel and cause corrosion of embedded
steel. Air-entraining additions to concrete minimize, but do
not eliminate, this type of cracking.



TABLE | CLASSIFICATION OF INTRINSIC CRACKS

Type of Letter Subdivision Most Primary Secondary Remedy Time of
cracking (see common cause causes/ (assuming appearance
Figure 5) location (excluding factors Dbasic
restraint) redesign is
impossible)
in all cases
reduce
restraint
A Oover Deep !
_|reinforcement|sections '
Plastic T
settlement B Arching Top of Excess Rapid Reduce Ten minutes
columns bleeding early bleeding to three
drying (air hours
(o] Change of Trough and conditions| entrainment)
depth waffle slabs or revibrate
D Diagonal Roads and
slabs ____|Rapid early
Plastic E Random Reinforced drying Low rate | Improve Thirty
shrinkage concrete slabs of early minutes
F Over Relnforced Dino plus | bleeding | curing to six
reinforcement|concrete slabs|steel near hours
surface
i
Early G External Thick walls , BExcess heat| Rapid Reduce heat One day
thermal restraint generation | cooling and/or to two or
contraction . o . insulate three
weeks
H Internal Thick slabs Excess
restraint | temperatur
]gradientl 7
Long-term I Thin slabs iInafficient| Excess Reduce Several
drying (and walls) joints shrinkage |water weeks
shrinkage in- content or months
efficient |improve
curing curing
J Against "Fair laced" Inparmeablel Rich Improve One to
Crazing formwork concrete | formwork mixes curing seven days,
t 2= and sometimes
K Floated Slabs Over- Poor finishing much later
concrete troweling | curing
Corrosion of |L Natural Columns | Lack of Poor :Eliminate More than
reinforce- and beams | cover quality | causes two years
ment — = v=-— =—————— 1 concrete :!listed
M Calcium | Precast ' Excess £
chloride i concrete calcium i
. ~ chloride
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FIGURE 6 Variation of crack width with depth (19).
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FIGURE 7 Crack pattern on core removed
from reinforced concrete fence wall on a
beach in California.

Corrosion and Chemistry Patterns

The interrelationship between cracks and corrosion can be
demonstrated by local analysis of spalling, corrosion, and salt
ingress patterns.

Figure 11 shows a spalling pattern on an interstate highway
bridge under repair in 1986. The spalling pattern is similar to
that shown by Cady (17) and many others. The locations of
spalls on this stiff bridge can roughly be correlated with heavy
traffic patterns (less damage near the curbs) and is somewhat
different from the patterns (shown in Figure 8) on a more
flexible bridge. The corrosion pattern shown in Figure 12
reveals that most of the steel in these spall locations has little

@ o
ﬁloo.@

FIGURE 8 Spalling pattern on Blue Rapids bridge deck in
Kansas (21).

FIGURE 9 Salt-accelerated freeze-thaw damage on highway
bridge in Kansas City, Missouri.

or no corrosion. This is consistent with corrosion being caused
by crack-induced moisture ingress. It is inconsistent with a
mechanism whereby corrosion causes spalls.

Figure 13 shows reinforcing steel removed from a pavement
overlay on an interstate highway in New York State. The steel
has corroded at a crack in the overlay caused by ground sub-
sidence (25). The steel shown in Figure 13 was analyzed using
a scanning electron microscope (SEM) equipped with an energy-
dispersive, X-ray spectrometer. This equipment is similar to
that used to determine the cause of failure on the post-ten-
sioned building shown in Figure 1 (/3). The cement paste
adjacent to the corrosion shown in Figure 12 had high chlorine
levels, showing that deicing salts had penetrated to the metal
surface in this location. Minimal chlorine was detected in the

FIGURE 10 Complete separation of concrete from reinforcing
steel on walkway of bridge shown in Figure 9.
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FIGURE 11 Spalling pattern on bridge under repair on I-90 in
central Washington State (September 1986).

FIGURE 14 Stalactites formed from water runoff from
reinforced highway bridge in Edmond, Oklahoma (January
1985).

FIGURE 12 Condition of reinforcing steel on bridge shown in
Figure 11.

FIGURE 13 Localized corrosion due to crack in pavement
overlay on I-90 in New York State (July 1982) (25).

FIGURE 15 Closeup of steel removed from bridge shown in
Figure 14. Note localized corrosion and absence of corrosion at
other locations on the same steel. Extensive corrosion was at
bottom of steel as it was located in the bridge.

protective concrete adhering to the same rebar only milli-
meters away from the corroded area (25). Thus the chlorine-
containing salts at the corroded location penetrated into the
crack and did not diffuse into the rest of the concrete, as
sometimes happens (26-29).

Stalactite formations indicate locations where relatively large
amounts of water have permeated a concrete structure (Figure
14). Figure 15 shows the corrosion pattern found on the rein-
forcing steel removed from the Oklahoma highway bridge
shown in Figure 14. The bottom of the steel, as it was located
in the bridge, appears as the extensively corroded, or pitted,
top of the steel in Figure 15. Portions of the steel are exten-
sively corroded, while other portions of the same steel are
uncorroded.

Many writers claim that this uncorroded area is due to a
cathodic protection effect caused by the local corrosion (10,16).
This is inconsistent with modern, mixed-potential corrosion
theory as discussed in virtually all corrosion textbooks. Vir-
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tually all corrosion of carbon steel occurs with the simulta-
neous, oxidation of metal and reduction of a chemically redu-
cible species, usually dissolved oxygen, at the same location,
at the same time (30,31).

The SEM was used to analyze the steel in Figure 15 the
same way the steel in Figure 13 was analyzed. Adherent
cementitious material on the reinforcing steel had virtually
no chlorine, as did the uncorroded steel. The only location
where chlorine was present in significant amounts was where
corrosion had occurred.

The SEM is capable of showing chemical differences on a
microscopic scale, but most concrete research reports chlorine
analyses on a larger scale using wet chemical analysis. Table
2 shows the variations in chlorine analysis taken from the
same bridge deck core at locations 5 cm (2 in.) apart. These
analyses confirm the wide variations in salt ingress detected
by the SEM. Since most salt permeates concrete along cement
paste-aggregate interfaces (32) or cracks (23), it is easy to
understand why corrosion of reinforcing steel is normally
localized, as that shown in Figures 13 and 15.

DISCUSSION OF RESULTS

The corroded parking garages shown in Figures 3 and 4 were
the result of a lack of protective cover on the steel. This lack
of cover can be caused by structural cracking (Figure 3) or
poor workmanship (Figure 4).

One of the most widely reported assumptions about North
American corrosion in the concrete literature is the idea that
corrosion, promoted by the ingress or diffusion of chloride
ions from surface deicing salts, is responsible for much of the
cracking of highway bridge decks and similar structures. Most
reports on this phenomenon cite early work by Stratfull and
coworkers, who established that elevated chlorine levels were
invariably associated with corrosion of reinforcing steel on
the California highway structures under investigation. The
collapse of the Berlin Congress Hall was not due to the pres-
ence of chlorides (15), and it is therefore very different from
the parking garage problems shown in Figures 2 through 4.
The parking garages in Figures 2 through 4 are very similar
in many ways to the highway bridges discussed by many authors
10).

There can be no question that chlorine, from marine envi-
ronments or from deicing salts, is associated with most high-
way structures that develop extensive corrosion problems.
Few authors have questioned whether chlorin¢ was causative
of corrosion or whether the detected chlorine was present as

an artifact along with other, possibly more important, factors
(10).

The limited results presented in this report cannot answer
this overall question. Nonetheless, they do indicate that cor-
rosion can occur on structures exposed to deicing salts in
locations where general salt permeation into the structures
has not occurred. Thus the idea that corrosion follows general
permeation of chloride-containing salts into these structures
must be questioned, and the usefulness of studies of overall
permeation rates of chlorides into concrete (26—29) must be
questioned. It is much more likely that chloride ions migrate
into concrete following cement paste-aggregate interfaces (32)
or cracks (25). This was suggested by U.S. Navy research that
was, unfortunately, never completed (33) and by the Kansas
highway research summarized in Table 2.

The evidence presented in this report suggests that deicing
salts can be found at corroded locations on reinforcing steel
but that these salts are not always present. The lack of chlo-
rides can be explained by the fact that chloride salts are highly
ionic and, therefore, water soluble. Thus, they could presum-
ably be carried away by flowing water. Unfortunately, this
does not explain why chlorides are not present on the cemen-
titious material clinging to uncorroded reinforcing steel or on
the surfaces of steel that has not corroded. The alternative
explanation, that the chlorides, when present, have followed
moisture migration paths into the concrete, seems to fit the
evidence in this report.

The fact that the corrosion on the Oklahoma bridge (Figure
15) occurred on the bottom of the reinforcing steel supports
the idea that corrosion occurred on this steel at locations
where a protective cementitious cover was lacking, probably
because of the presence of unconsolidated voids. Figure 16,
from a 1960s report by Verbeck and Monfore (5), shows rust
filling a cavity in concrete. This macrophotograph has many
similarities to the voluminous rust found on cracked, metal-
fiber reinforced concrete (Figure 17) (34). Thus the idea that
corrosion occurs in cracks and voids is not new, and there is
experimental evidence to support the idea.

Figure 18 shows an early (1940s) experiment in which excess
anodic current caused corrosion and cracking on a reinforced
concrete laboratory sample (35). A careful review of the lit-
erature has failed to identify any laboratory or field investi-
gations in which cracking due to the corrosion of embedded
steel has occurred in the absence of externally applied electric
currents. Figure 19 shows corroded steel protruding from con-
crete in a marine environment. Although the steel is exten-
sively corroded, no cracking has occurred in the adjacent
concrete. Most marine concrete locations can produce dozens
of examples similar to that in Figure 19.

FIGURE 16 Rust filling void in concrete (5).



FIGURE 17 Rust as seen by scanning electron microscope on
metal-fiber reinforced concrete exposed to a marine environment
34).

FIGURE 18 Cracking caused by anodic currents used to simulate

stray currents on electric railway structure (35).

by '
A L T

FIGURE 19 Corroded reinforcing steel stud protruding from
concrete at Humboldt Harbor breakwater (July 1988).
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Crack patterns of the type shown in Figures 5 through 7
are seldom presented in the corrosion-in-concrete literature.
The need for more studies of this type is obvious, and this
line of investigation is being continued in the authors’ labo-
ratory. The implication of Figure 7 is that the cracks did not
come from corrosion. Although this may be true in the limited
number of samples analyzed so far, it is too early to reach a
conclusion. Since cracks extend beyond the plane of any cut,
as is shown in Figure 7, it is important that these cracks be
analyzed in three dimensions whenever possible.

It is also important that structural vibrations and loading
patterns be analyzed whenever they may play a role in cor-
rosion. The spalling patterns shown in Figure 8 and the com-
ments on bridge vibrations by Crumpton et al. (21) seem to
have gone unrecognized for mere than 20 years. Tinnea and
coworkers have recently shown an almost one-to-one corre-
lation between locations on structures that are under tensile
or cyclic stress and locations where corrosion is occurring (36).

Figure 1 showed a widely publicized concrete structure that
collapsed in the absence of chlorides. If this can happen, it
then becomes necessary to explain what role chlorides, or
other salts, play in altering corrosion rates. Figure 20 shows
how variations in salt content affect the corrosion rate of steel
in water. This figure, reproduced from a standard corrosion
textbook (37-38) and based on research first reported in the
1930s, can be explained by the effect of dissolved salts on
oxygen’s solubility in brines. Too much salt limits the cor-
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FIGURE 20 Effect of salt concentration on corrosion rate of
steel immersed in brines (37).
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rosion rate by limiting the amount of oxygen available for the
reduction reaction that must accompany any oxidation of metal.
Figure 20 is remarkably similar to Figure 21, which shows
how increasing the amount of chloride-containing admixtures
can lower the corrosion rate of steel embedded in concrete
(33). This figure may help explain why Australian research
was successful in finding chloride-based corrosion inhibitors
to use as concrete set accelerators when concerns were expressed
about the suitability of using calcium chloride for this purpose
(39).

The effects of salt in causing the type of cracking shown in
Figures 9 and 10 seem to have gone virtually unnoticed in the
corrosion literature, even when they are reported at confer-
ences (24) or in journals (32) that should be known to the
research community.

SUMMARY

The limited results discussed in this report cannot adequately
explain all the relationships between corrosion and cracking
in reinforced concrete structures. Nonetheless, they do point
out that far more evidence supports the concept of crack-
induced corrosion of reinforced concrete than is generally
accepted in North American highway literature.
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DISCUSSION

CARL F. CRUMPTON
4728 S.W. 18th Terrace, Topeka, Kans. 66604.

In their summary, authors Borgard et al. conclude that “far
more evidence supports the concept of crack-induced corro-
sion of reinforced concrete than is generally accepted in North
American highway literature.” Having been a user of and a
contributor to the North American highway literature for many
years, and having faced the bridge deck deterioration problem
in Kansas since the 1950s, I do not agree with that statement.
Because I was acknowledged by the authors as a reviewer of
the original version of the manuscript, and have 30 years of
experience with the problem, I would like to make my opin-
ions clear. The presence of vertical cracks in concrete has long
been recognized and accepted without much question as a
significant factor in the corrosion of embedded reinforcing
steel in concrete. Authors Borgard et al. admit that the idea
that corrosion occurs in cracks and voids is not new.

Reinforcing steel in concrete bridge decks and other con-
crete components of bridges was corroding long before any
deicing salts were used on roads, streets, or bridges. This
corrosion was generally associated with moisture and oxygen
reaching the steel through pre-existing cracks or other chan-
nels in the concrete. The cracks, which may have been struc-
tural, temperature-related resistance to subsidence, or caused
by early drying shrinkage, alkali-aggregate reaction, freeze-
thaw action, and so on, became ready conduits for water and
air to reach and corrode the steel. Highway engineers and
scientists recognized and accepted this. Bridge designers
and materials engineers concentrated on reducing the number
and width of the cracks to minimize the ingress of moisture
to the reinforcing steel.

The advent of the use of chloride deicing salts on roads and
bridges across the snowbelt states made it possible to clear
pavements soon after a snow or ice storm. With that devel-
opment, however, came serious bridge deck deterioration
problems. Authors Borgard et al. acknowledge this in their
paper. Deicing salt did not invent corrosion of reinforcing
steel and deterioration of concrete but it certainly accelerated
their growth in new and old bridges that were not previously
exhibiting such problems. Pre-existing cracks were still an
important avenue for water and oxygen to reach the rein-
forcing steel, but the fact that the water was now salty and
contained chloride ions accelerated corrosion.

There is considerable highway literature available address-
ing cracking in relation to corrosion. NCHRP Synthesis of
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Highway Practice 4 (1) and 57 (2) both summarize literature
related to concrete bridge deck durability. Both notc the influ-
ence of cracks in allowing access of moisture, oxygen, and
chloride ions to the reinforcement. NCHRP Synthesis of High-
way Practice 4 (1) contains an illustration (Figure 2) that was
modified from an earlier version published in a Missouri study
(3). It shows a crack over the reinforcing steel and it is noted
in the figure that salt solutions in the crack accelerate cor-
rosion. NCHRP Synthesis of Highway Practice 57 (2) conlains
the following statement: “It is. generally acknowledged that
cracks perpendicular to the reinforcing steel will hasten cor-
rosion of intercepted bars by facilitating the ingress of mois-
ture, oxygen, and chloride ions to the reinforcement.” Later
in the same paragraph it is stated: “Cracks that follow the
line of reinforcing bar are much more serious.” Authors Bor-
gard et al. say the same thing but cite an American Concrete
Institute source (from Kansas) published six years after NCHRP
Synthesis of Highway Practice 57 was published.

Nevertheless, it is not these vertical cracks that highway
researchers believe result from corrosion products from the
reinforcing steel, although a few do. It is instead the undu-
lating, subhorizontal cracks at or near the general level of the
top mat of reinforcing steel that are associated with the for-
mation of delaminations and spalls in the concrete that are
of the most concern. It is those roughly horizontal delami-
nation cracks that are considered to be initially created by
corrosion of the reinforcing steel. In my early field and lab-
oratory studies during the 1950s and 1960s, I considered many
possible alternative causes for those delaminations. The pre-
ponderance of evidence, however, continued to point toward
deicing salt chloride ions and reinforcing steel corrosion as
the most probable initial causes of the large area delamination
type of cracking. Many other petrographers, corrosion engi-
neers, and concrete researchers in the United States and Can-
ada were independently arriving at the same conclusions at
about the same time.

Concrete researchers were not mystified by, nor did they
ignore the influence of, vertical cracks on corrosion. The
importance of vertical cracks was readily accepted. What was
puzzling, however, was that only a few of the visible vertical
cracks seemed to be associated with delaminations and spall-
ing. Many deck areas were also found with delaminations that
were not associated with vertical cracks that allowed moisture
and deicing salts ready access to the reinforcing steel. This
was reported in 1965 in Report 1 of the studies on Durability
of Concrete Bridge Decks being conducted cooperatively by
the Portland Cement Association (PCA), the Bureau of Pub-
lic Roads, and a number of states (4). Report 1 dealt with
bridges in Kansas—studies with which I was associated. Therein
it was stated that only a small percentage of observed cracks
was associated with serious forms of deterioration. In some
cases, surface spalls and delaminations were associated with
transverse or longitudinal cracks, but in others no such asso-
ciation was present.

Kansas Bridge Deck Deterioration Studies Part 8, pub-
lished in 1968 (5) contained a series of detailed maps giving
reinforcing steel location and depth, all visible transverse and
longitudinal cracks, and the location of delaminations and
spalls. It is easy to see in those maps (Figures 6, 8—15) that
many delaminations and “hollow planes’ were not associated
with surface cracks. It was also noted that there were as many
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cracks in areas of little delamination as there were in areas
of extensive delamination. In the conclusions we noted that
vertical cracks over the reinforcing steel allowed water and
deicing salt to penetrate to the shallow steel. Rusting of the
steel and freeze-thaw damage followed. Observations of
delaminations not associated with vertical cracks repeated in
state after state and province after province led to the con-
clusion that the lack of vertical cracks did not preclude chlo-
ride ions from permeating the concrete and reaching the rein-
forcing steel. I do not believe, however, that anyone ignored
the importance of cracks.

Authors Borgard et al. cited my report (5) as their Ref-
erence 21. They concluded from my report statements that
the spalling of the decks (and presumably the far greater area
of delaminations) was caused by loading and vibration-related
fatigue cracking of the bridge deck. We considered such pos-
sibilities when the study was under way. Kansas bridge design-
ers made thorough recalculations of the design data and the
known construction and post-construction data available. They
also made a model of the deck and its supports but found
little or no convincing evidence that fatigue was much of a
factor in creating the extensive delaminations or spalls. PCA
designers made their own calculations independently and came
to the same conclusion. Furthermore, study of hundreds of
decks showed that the pattern of spalls and delaminations
varied whether the deck was flexible or not.

If vibrations and deflections were the major causes of the
delaminations, there should not be miles of delaminations in
continuously reinforced concrete pavements built on sound
bases. There again, the major evidence points to corrosion
of the reinforcing steel by deicing salts as the major culprit
in creating the delaminations. Vertical cracks in the pave-
ments are recognized as one conduit for deicing salt meltwater
to contact the continuous reinforcing steel. Even 12-in.-thick
mesh reinforced concrete pavements are plagued with delam-
inations and surface spalls where the mesh inadvertently gets
too near the top concrete surface. This certainly is not fatigue
from loads and vibrations. If vibrations and loading were the
major causes of delaminations, the use of epoxy-coated rein-
forcing steel would not have helped. In fact, the problem
should have become worse because of the reduction in bond
between epoxy-coated steel and concrete. Experience shows
that in bridge decks, epoxy coating of all the reinforcing steel
has resulted in savings through lowered maintenance costs
and expected longer deck life in areas in which chloride deic-
ing salts are used.
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AUTHORS’ CLOSURE

We welcome Carl Crumpton’s comments and appreciate his
continuing interest in our manuscript. Unfortunately, we still
disagree. The comments on the structure with delaminations
and spalls (Figure 8 in our manuscript) are direct quotes from
the Kansas report that Crumpton coauthored. The bridge did
vibrate, at least according to the report. If calculations said
it did not vibrate, then either the calculations or the field
observations in the report by Crumpton and coauthors must
have been in error.

Since our manuscript was prepared last fall, a report on
highway bridges in the New York City area has appeared that
supports our conclusions (7). The authors of that report show
that depth of cover is the single most important factor affect-
ing why corrosion occurs on some bridges and does not on
others of almost identical design and usage history. Delami-
nations can be caused by flexure or by wheel loading, and we
assume this is the reason why wheel loading or structural
vibrations can lead to salt ingress and corrosion. Note that
most steel in the vicinity of delaminations (Figure 11) is uncor-
roded. This is common; general corrosion of reinforcing steel
is much less common in our nationwide experience.
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Deicing Salt Corrosion With and

Without Inhibitors

MARk R. CALLAHAN

Chloride ion penetration through concrete to reinforcing steel
is causing the premature deterioration of numerous bridge
decks in Iowa. The purpose of the research reported in this
paper was to determine whether any of several additives or
alternative deicing chemicals could inhibit corrosion of rein-
forcing steel. The deicers tested were calcium magnesium acetate
(CMA), CMA + NaCl (NaCl: sodium chloride), Quicksalt +
PCI, and CG-90, a polyphosphate solution being developed by
Cargill. Two tests were established. First, steel coupons were
placed in a 15 percent solution of a deicer and distilled water
to determine which alternative deicer would cause the least
amount of corrosion In solution. The coupons were weighed
periodically to determine each coupon’s weight loss from cor-
rosion. The second test involved ponding a 15 percent solution
of each material on reinforced concrete blocks. Weekly copper-
copper sulfate electrical half-cell (CSE) potential readings were
taken on each block to determine whether corrosive activity
was occurring at the steel surface. When the ponding research
was concluded, concrete samples were taken from one of the
three blocks ponded with each deicer. The samples were used
to determine the chloride ion content at the level of the steel.
Results show that all the deicers were less corrosive than NaCl.
Only pure CMA, however, significantly inhibited the corrosion
of steel embedded in concrete.

Deicing chemicals have been used on ITowa’s roads since the
early 1950s. From 1953 to 1974, the mileage in Iowa’s deicing
program increased from 219 miles to 8,254 miles, and sodium
chloride (NaCl) use increased to more than 90,000 tons (1).

Today, the Department of Transportation (DOT) uses over
60,000 tons of sodium chloride in an average year to provide
safe winter travel on the primary and interstate road systems.

Sodium chloride is relatively inexpensive and works well in
deicing roads in Iowa’s climate. Corrosion of auto bodies and
bridge deck reinforcing steel caused by chloride ion penetra-
tion, however, has made its use an ever-increasing problem.
Because of the corrosion of reinforcing steel, the lowa DOT
repairs an average of 40 bridges each year, at an annual cost
of nearly $4 million. Epoxy-coated steel (2) has been used in
the upper layer of bridge deck reinforcing in recent years to
prevent the chloride ions from reaching the steel.

Recently research has been conducted in several areas to
solve the corrosion problem. One area involves the devel-
opment of a salt additive corrosion inhibitor capable of pre-
venting chloride ions from reacting with bridge deck steel
reinforcement. A second area deals with developing an alter-

Towa Department of Transportation, Highway Division, Ames, lowa.

native deicer chemical capable of removing snow and ice without
harming steel reinforcement or endangering the environment.

PROBLEM STATEMENT

Chloride ion penetration through bridge deck concrete to the
underlying reinforcing steel is causing the premature deteri-
oration of a large number of Iowa’s bridge decks. As chloride
ions reach the steel, a reaction is initiated that causes the steel
to corrode. Corroded steel would normally expand and occupy
a volume up to three times that of the original uncorroded
steel. The surrounding concrete, however, confines the cor-
roded material to the original steel volume. The expansive
force creates a great amount of pressure within the concrete.
As corrosion continues, the pressure becomes great enough
to cause debonding of the steel and concrete and delamination
of the overlying bridge deck concrete. This eventually leads
to spalling of the surface and extensive maintenance.

OBJECTIVE

A number of alternative chemical deicers and salt additive
corrosion inhibitors have been developed in recent years. In
tests conducted recently by the Iowa DOT and other agencies,
several of these products have displayed results favorable to
their use as an additive to, or replacement for, NaCl. The
objective of this research project was to determine the ability
of four additives or alternative deicers to inhibit the corrosion
of reinforcing steel. The materials being tested are:

1. Quicksalt + PCI (PCI). A deicer composed of 70 to 80
percent NaCl, 5 to 7 percent MgCl, 6H,O, and 15 to 20 percent
PCI, a lignon sulfonate derivative.

2. CG-90. This product is a mixture of 90 to 95 percent
NaCl and 5 to 10 percent a polyphosphate corrosion inhibitor.
The inhibitor is designed to form a protective barrier around
steel so that chloride ions cannot initiate a reaction with the
reinforcement. It is currently being produced by Cargill, Inc.,
of Minneapolis, Minnesota.

3. Calcium magnesium acetate (CMA). This metal-organic
salt is usually produced through a reaction between hydrated
dolomitic lime and acetic acid.

4. CMA + NaCl. This combination of 1 part CMA to 2
parts NaCl, by weight, was used to determine how effective

CMA was at inhibiting corrosion when used as an additive to
NaCl.
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TESTING

Two separate tests were run on each material. The first involved
partially immersing reinforcing steel coupons Numbers 3 and
41n a distilled water solution containing 15 percent, by weight,
of a material being tested. The CMA-NaCl solution contained
5 percent CMA and 10 percent NaCl. For control specimens,
a Number 3 bar was placed in a container of tap water from
the city of Ames, Iowa, water supply and bars Numbers 3
and 4 were placed in a 15 percent NaCl solution and a 15
percent CaCl, solution. The coupons were weighed at 2-month
intervals to determine the amount of weight loss due to cor-
rosion. A copper wire brush was used to remove the corroded
material before weighing.

Results of the coupon immersion test are listed in Table 1.
After more than 4 months of testing, it was determined that
the CG-90 was most effective in preventing weight loss caused
by corrosion of the coupons. Weight losses of onty 0.35 per-
cent and (.46 percent were recorded for the Numbers 3 and
4 coupons, respectively. Surprisingly, the coupons in the NaCl
solution exhibited the second least amount of weight loss with
0.57 percent (Number 3) and 0.58 percent (Number 4). The
coupons in the CMA and the CMA + NaCl solutions dis-
played the greatest amounts of weight loss. The coupons in
CMA + NaCl lost 0.93 and 0.94 percent for the Numbers 3
and 4 bars, respectively, while the coupons in pure CMA lost
1.64 and 1.16 percent.

From these results, only CG-90 was shown to be capable
of inhibiting corrosion in a distilled water solution. The results
of this immersion test do not necessarily indicate how a mate-
rial will perform in the field. A material that prevents cor-
rosion in a solution may not be capable of penetrating through
concrete to protect reinforcing steel from corrosion due to
the presence of chloride ions.

The second test was patterned after an earlier study (3).

TABLE 1 COUPON IMMERSION TEST RESULTS

13

Nineteen concrete blocks measuring 12 in. X 12 in. X 4 in.
were constructed with reinforcing steel and used in a ponding
test of each material. The reinforcing steel configuration for
each block is shown in Figure 1. A ponding test to determine
a chemical deicer’s effectiveness in preventing steel corrosion
in concrete gives a better indication than does the immersion
test of how the product will perform in the field. Again, a 15
percent by weight material solution in distilled water was
prepared. Each solution was ponded on a set of three blocks.
Also, three blocks were ponded with a 15 percent NaCl solu-
tion only, three blocks ponded with a CaCl, solution, and one
block ponded with city of Ames tap water. These blocks were
designed to act as control blocks at opposite ends of the cor-
rosion scale. Again, the CMA + NaCl solution contained 5
percent CMA and 10 percent NaCl.

The concrete mix proportions used for block construction
are listed in Table 2. The concrete had a water: cement ratio
of 0.58 and contained 6.1 percent entrained air. The high
water:cement ratio and low cement factor (4.6 sacks/yd?) were
designed to make the concrete more permeable to chloride
ion penetration. The average 28-day compressive strength for
the mix was 3,250 psi.

Numbers 3 and 4 bars conforming to ASTM specification
A615 for Grade 60 steel were used. Plastic chairs were used
to support the steel in the proper position. The steel was
positioned to allow %2 in. cover over the top reinforcing steel.

Three evaluation techniques were employed to determine
the effectiveness of each material. First, weekly copper-cop-
per sulfate electrical half-cell (CSE) potential measurements
were taken to determine if corrosive activity was occurring.
Also, concrete samples were taken from each set of blocks
at the end of the 21-week research period to determine the
chioride ion contents at various depths in the concrete. Finally,
one of the three blocks from each set was broken to reveal
the embedded steel. A visual observation was made to deter-

Container

03-07-88

Solution Bar 05-17-88 07-11-88
No. Material Number Initial Coupon Coupon Percent Coupon Percent
Weight, grams Weight, Weight Weight, Weight
_ grams Loss grams Loss
1 CaC% 3 50.00 49.91 0.18 49.53 0.94
4 95.26 95:.10 0.17 94.58 0.71
2 NaCl 3 51..32 5121 0.21 51.03 057
4 98.54 98.34 0.20 97.97 0.58
3 PCI 3 51..57 51..25 0.62 51.09 0.93
4 87.69 87.24 0.51 87.06 0.72
4 CMA 3 53.. 56 53.04 0.97 52.68 1.64
4 86.85 86.25 0.69 85.84 1.16
5 CG-90 3 51.14 51.0% 0.14 50.96 0235
4 89.21 8911 0.11 88.80 0.46
6 CMA+NaCl 3 52.62 52 =51 0 21 52.13 0.93
4 89.22 89.00 0«25 88.38 0.94
7 Tap Water 3 5:2.41 52 .22 0.36 52.00 0. 78
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FIGURE 1 Steel reinforcement placement.

mine the degree of corrosion that had occurred. The chloride
ion content measurements and the visual observations were
made to verify the CSE readings.

Each Monday morning the solutions were ponded on the
blocks. Ponding was continuous until Friday morning
(approximately 100 hours), when the solutions were removed.
The blocks were then washed clean of any surface chemicals
and placed in an oven at 100°F. After drying over the weekend
(about 68 hours), copper-copper sulfate electrical half-cell
(CSE) potential readings were taken each Monday before

TABLE 2 CONCRETE MIX DESIGN
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ponding. Five readings were taken on each block. Figure 2
shows the position of each reading.

The readings were obtained in accordance with ASTM
Standard Designation C876: Standard Test Method for Half-
Cell Potentials of Uncoated Reinforcing Steel in Concrete.

The potential measurcments arc useful in determining
whether or not corrosive activity is occurring on the steel
surface. The ASTM standard places CSE potential readings
into three categories:

1. If potentials over an area are more positive than —0.20
V CSE, there is a greater than 90 percent probability that no
reinforcing steel corrosion is occurring in that area at the time
of measurement.

2. If potentials over an area range between —0.20 V CSE
and —0.35 V CSE, corrosion activity of the reinforcing steel
in that area is uncertain.

3. If potentials over an area are more negative than —0.35
V CSE, there is a probability greater than 90 percent that
reinforcing steel corrosion is occurring in that area at the time
of measurement.

The standard further states: “In lahoratory tests where
potentials were more negative than —0.50 V CSE, approxi-
mately half of the specimens cracked due to corrosion activity.”

Based on these criteria, the only ponding agent found to
be noncorrosive throughout the length of the project was the
tap water solution. Of the four alternative deicers being tested,
the CMA solution provided the most promising results. When
the weekly reading of the three CMA-ponded blocks were
averaged, no average set of readings had a CSE potential
measurement more negative than —0.30 V. Table 3 gives a
partial list of these average readings. All but two of block
10’s weekly measurements, and a majority of block 12’s
measurements, were more positive than —0.2 V. This indi-
cates that most of the time no corrosion was likely taking
placc. In PCI blocks 8 and 9 an interesting thing occurred.
CSE readings the first 11 weeks averaged above —0.45 V
(Block 8) and —0.40 V (Block 9). Then, beginning in week
14, their CSE readings became significantly less negative.
Readings in the last 8 weeks averaged between —0.37 V and

Material Amount Absolute Volume
Cement 430 1b. 0.0813
Water 250 1lb. 0.1484
Coarse Aggregate 1586 1b. 0..3551
Fine Aggregate 1587 1b, 00,3552
Air Content 6:x1 % 0.0600
Slump 521 in
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FIGURE 2 Copper-copper sulfate electrical potential reading

locations.

—0.44 V for Block 8 and between —0.29 V and —0.34 V for
Block 9.

Cracking of both blocks was observed in the second week
of ponding. The high initial readings were probably caused
by penetration of chloride ion through these cracks to the
reinforcement. The PCI apparently could not penetrate to the
reinforcement until after week 11. Once it did reach the steel,
however, its results were better than those of all other mate-
rials except CMA. Because of the possibility that the cracking
may have influenced the testing, a second set of three PCI
blocks was made. These blocks also cracked, however, soon
after ponding was initiated. CSE potential readings on these
blocks were similar to those tested previously. Readings more
negative than —0.35 V were common in two of the three
blocks.

A majority of readings of the CaCl, solution blocks aver-
aged between —0.40 V and —0.50 V, while the majority of
readings of the CMA + NaCl blocks were between —0.45 V
and —0.50 V. Of the four ponding solutions tested, the CG-
90 material produced the largest negative CSE readings.
Average CSE readings more negative than —0.55 V were
common. These values were very close to what was obtained
from the NaCl blocks.

Tests run on the material supplied by Cargill revealed that
the material contained only 0.16 percent phosphates. At Car-
gill’s request, a second set of blocks was ponded with the
material now containing 1.6 percent phosphates. The increased
phosphate content had little effect on the CSE results, how-
ever. Average readings more negative than —0.50 V were
obtained on two of the three blocks.

At the end of the 21-week ponding period, concrete samples
were taken to determine the amount of chloride ions present
at two depths in the concrete. Measured from the ponded
surface of the concrete block, the two depths evaluated were
from % in. to % in. (concrete cover) and from 3 in. to 1 in.
(level of reinforcing steel). The samples were obtained from
blocks 3 (NaCl), 6 (CaCly), 9 (PCI), 12 (CMA), 13 (H,0),
16 (CG-90), and 19 (CMA + NaCl). Results of the chloride
penetration work are provided in Table 4.

The penetration results verify that chloride ions were avail-
able at the level of the steel for a corrosive reaction to occur.

The CMA and tap water chloride ion penetration results
are, as expected, very low. Since no material containing chlo-
ride ions was added to the solutions, any chloride ions present
were in the concrete materials prior to ponding.

Visual inspection of portions of the reinforcing steel revealed
that corrosion was occurring in all but the pure CMA-ponded
blocks. By comparing the upper-level steel to the bottom-
level steel, it was observed that substantial corrosion had
occurred in the upper-level steel. This was true in all but the
pure CMA block. (The one H,O block was not broken, but
all indications are that corrosion had not taken place.)

The chloride ion penetration results substantiate findings
of the CSE potential reading. Having very few chloride ions
present to react with the reinforcing steel, the CMA and tap
water CSE potential readings indicated that corrosion was not
occurring. The high chloride ion contents of the other solu-
tions corresponded to potential readings, indicating that cor-
rosion was likely taking place.

It should be noted that the chloride ion concentrations
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TABI.E 3 AVERAGE COPPER-COPPER SULFATE ELECTRICAL HALF-CELL POTENTIAL READINGS*

Block No. Deicing Week No.
Material 1 3 6 9 12 15 18 21
1 NaCl 475 516 539 510 555 545 553 540
2 NaCl 505 528 531 518 548 552 552 542
3 NaCl 508 530 539 555 570 570 574 NR
Ave 496 525 537 528 558 556 560 541
4 CaCl2 353 424 430 472 465 487 512 512-
5 CaCl2 434 496 488 497 455 423 415 441~
6 CaCl2 406 488 491 478 NR 352 454 437-
Ave 398 469 470 482 460 421 460 463
7/ PCI 345 369 351 367 NR 257 321, 329
8 PCI 419 462 477 493 NR 360 416 394
9 PCI 395 453 454 478 NR 305 309 319
Ave 387 428 427 446 -—— 308 349 347
10 CMA 114 94 224 148 NR 73 104 75
i CMA 241 276 347 291 205 176 153 158~
12 CMA 128 241 234 183 268 178 137 139-
Ave 161 204 268 207 237 142 131 124
13 Tap Water 116 72 28 8 —— 184 179 125-
14 CG-90 559 593 NR 555 595 583 589 568
15 CG-90 391 542 NR 487 548 542 539 546
16 CG-90 395 543 NR 500 555 545 534 534
Ave 448 559 —— 514 566 556 554 550
i 54 CMA+NaCl 505 453 NR 418 482 472 458 447
18 CMA+NaCl 528 452 NR 450 483 477 461 477
19 CMA+NaCl 422 489 NR 438 501 496 472 480
Ave 485 465 —-— 435 489 482 464 468

*Readings in negative millivolts
NR No Reading Taken
-~ No Value Calculated

- Twenty week reading

recorded in Table 4 are exceedingly high. This is due to the
highly permeable concrete that was used to shorten the time
required for chloride ions to reach the reinforcing steel.

ANALYSIS

Results show that, of the materials tested, only pure CMA
was capable of effectively inhibiting corrosion of reinforcing
steel due to chloride ion penetration. Although it did not
petform well in the coupon immersion test, CMA dramatically
inhibited corrosion of the steel in concrete, according to results
of the ponding test. Without chloride ions available to initiate
a half-cell reaction, the concrete’s alkali environment is suf-
ficient to prevent corrosion.

Only two other deicers, PCI and CMA + NaCl, performed
sufficiently better than the NaCl solution in the ponding test
to warrant further consideration. Ponding test results of each
showed that corrosive activity was occurring. Visual obser-
vation, however, revealed that the extent of corrosion was
less than that with the NaCl. The early cracking of the PCI

blocks has led to questions concerning its use. The cracking’s
cause has not been determined. The coupon percent weight
loss and the chloride ion contents for the PCI material were
not excessive.

Although the CG-90 solution performed well in the immer-
sion test, its performance in the ponding test was not encour-
aging. As stated previously, the ponding test is more repre-
sentative of actual field conditions. CSE potential readings
more negative than —0.5 V were common.

CONCLUSIONS

Based on the test results, the following conclusions can be
made:

1. Pure CMA is the only alternative deicer tested that sig-
nificantly inhibited corrosion of reinforcing steel in concrete.

2. CMA, as an additive to NaCl (in a ratio of 1 part CMA
to 2 parts NaCl), did not inhibit the corrosion of reinforcing
steel in concrete.
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TABLE 4 CHLORIDE ION PENETRATION RESULTS

L7

Rlock Deicer Depth of Percent Chloride Pounds ChlorideA
No. Material Penetration (by Weight) Per Cubic Yard
(Inches)
3 NaCl 17416 = 172 1.094 41.4
1/2 = L 0.617 23,3
6 CaCl2 1/16 = 172 1.727 65.3
142 = 1 0.981 37 .1
9 PCI 1/16 - 1/2 0.825 31.2
1/2 « 1 6.709 26:8
12 CMA 1/16 — 1/2 0.012 0.:5
142 — 1 0.015 0.6
13 H,0 1716 -~ 1/2 0.027 140
1/2 - 1 0.011 0.4
16 CG-90 1716 - Lf2 C.638 24.1
172 = 1 0.431 16 «3
19 CMA+NaCl 1/16 - 1/2 0.778 29.4
172 -~ A 0.454 17,2

A. Assumed concrete weight of 140 pounds per cubic yard

3. The Cargill CG-90 formulation was effective in pro-
tecting steel in a solution. It did not, however, protect rein-
forcing steel embedded in concrete from corrosion caused by
chloride ion penetration.

The search must continue for an economical solution to the
problem of chloride ion corrosion of reinforcing steel. Replac-
ing bridge decks that are deteriorating prematurely is costing
the states money that could otherwise be used in improving
the overall highway system. Of the deicers tested in this proj-
ect, straight CMA has the greatest potential for being able
to fulfill a “bare roads” policy without causing bridge deck
deterioration.
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Technical Review of Calcium Nitrite
Corrosion Inhibitor in Concrete

NEAL S. BERKE AND ARNOLD ROSENBERG

Calcium nitrite has been used as a corrosion inhibitor against
chloride attack and as a set accelerator in concrete for more
than 20 years. Considerable data are available concerning its
effects on corrosion inhibition, setting times, freeze-thaw
resistance, strength, and other properties. Although much of
the data have been published in the open literature, a full-
scale review is not available. This paper reviews past and pres-
ent research on the properties of calcium nitrite in concrete.
While the bulk of the data have been generated by W.R. Grace
& Co., considerable information is available from outside
sources, including the U.S. Federal Highway Administration
(FHWA), departments of transportation, universities, and
independent test laboratories. It is shown that calcium nitrite
is an effective corrosion inhibitor for steel in concrete, based
upon extensive corrosion testing in laboratory and field con-
crete specimens. The effects of mix design and concrete cover
on corrosion resistance with calcium nitrite are also discussed.
Furthermore, in most cases, calcium nitrite improves the com-
pressive strength of the concrete mix and, with proper air
entrainment, is freeze-thaw durable. In conclusion, the data
generated in the last 20 years show that calcium nitrite is a
proven corrosion-inhibiting admixture to be used to protect
concrete structures in a chloride environment.

Steel-reinforced concrete is a widely used construction mate-
rial, The concrete provides 2 protective environment for the
steel, and the steel provides the concrete with tensile strength.
When reinforced concrete is subjected to chloride-containing
salt, however, corrosion of the steel reinforcement can occur.
The corrosion of the steel eventually leads to significant dete-
rioration of the reinforced concrete.

The effects of corrosion are staggering. Approximately half
of the 500,000-plus bridges in the U.S. highway system are
in need of repair (/). The Strategic Highway Research Pro-
gram pointed out that $450 to $500 million per year can be
saved by correcting corrosion problems in extant bridges (2).

Most bridge failures are due to deicing salts. However,
bridges in marinc cnvironments arc also susceptible to severe
corrosion due to chloride ingress. The severity of the marine
environment is such that damage may be evident in as little
as § years (3).

This paper reviews the development of calcium nitrite as a
corrosion inhibitor to protect steel in concrete from chloride-
induced corrosion. Additionally, the beneficial effects of cal-
cium nitrite on concrete, such as improved properties of
mechanics and durability, are discussed.

W. R. Grace and Company, 62 Whittemore Ave., Cambridge, Mass.
02140.

HISTORY OF DEVELOPMENT

In 1961 the need for a noncorrosive accelerator for concrete
became apparent. The main impetus was the definitive paper
by Monfore and Verbeck (4) in which they showed that admixed
calcium chloride caused the Regina, Saskatchewan, waterpipe
failure. This followed closely a similar study by Evans (5), in
which he found that chloride caused corrosion of steel in
prestressed concrete.

The most obvious approach seemed to be a salt that would
accelerate concrete’s setting time but also act as a corrosion
inhibitor. Treadaway and Russell (6) studied sodium nitrite
and sodium benzoate. Craig and Wood (7) studied potassium
chromate, sodium benzoate, and sodium nitrite. These papers
and others agreed that sodium nitrite offered the best pro-
tection for concrete from chioride-induced corrosion but that
the strength of the concrete was reduced when any of these
materials were used. Figure 1 shows the reduction of strength
with various inhibitors (7). Further, the risk of the alkali-
aggregate reaction was worsened by the addition of a sodium
salt.

Further studies revealed that to maintain or improve the
strength of the concrete, the cation system of concrete, namely
calcium, could not be changed. Thus, in 1964 a noncorrosive
accelerator based on calcium formate and a small amount of
sodium nitrite was introduced; it did not result in loss of
strength (8). The calcium formate/10 percent sodium nitrite
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FIGURE 1 Effects of some corrosion inhibitors on
compressive strength (7).
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accelerator gave good setting time acceleration with no loss
in compressive strength (9). The product had to be handled
as a dry powder, however. Ten years later the corrosion of
steel in concrete became a serious problem in the United
States, and a process for the manufacture of calcium nitrite
became available in Japan. The new corrosion threats to con-
crete placed in marine environments and the use of marine
sand, along with the fact that calcium nitrite could be prepared
as a 40 percent stable solution, encouraged further study of
calcium nitrite for use as an admixture in concrete.

First the mechanism of calcium nitrite’s protection of steel
in concrete was determined. Several experts were consulted,
and laboratory experiments were conducted to confirm the
mechanism. If corrosion was the dissolution of iron or

Fe® — Fe** + 2e~ (1)

a solid ferrous hydroxide (white) corrosion product would
form in concrete (pH = 12.5), preventing further dissolution
of iron, in the absence of chloride. In the absence of chloride,
the iron will convert to the ferric state. The resultant protec-
tive ferric oxide is less than 100 A thick.

When not protected by concrete, iron continues to corrode
because of available oxygen, carbon dioxide, moisture, and
changing temperatures. The initial ferrous ions change to the
more stable Fe,O; X H,O going through different interme-
diate stages, such as Fe,O,. In well-rusted iron, layers of the
various oxides of red and black rust are observed. The layers
of oxides prevent a strong, continuous passive film from pro-
tecting the iron from further corrosion.

Foley (10) has shown that iron forms soluble, light green
complexes with chloride ion. These have been observed in
concrete. These soluble forms of ferrous ions are able to
migrate away from the reinforcing bar, encouraging more iron
to dissolve. This prevents the passive layer from forming.
Thus, the corrosion process in concrete depends on chloride
ion, water, and oxygen content, as borne out by Hartt and
Rosenberg (17) who found the worst corrosion of marine-
exposed concrete at the intertidal zone.

TABLE 1 ACCELERATION WITH CALCIUM NITRITE

19

It was determined that calcium nitrite does not react with
Fe® or Fe* * *. It does react with Fe* * according to the fol-
lowing:

2Fe** + 20H" + 2NO; — 2NO

+ Fe,O, + H,O )

Thus, if ferrous ions are produced in concrete, calcium nitrite
changes them to a stable passive layer, avoiding all the meta-
stable intermediate forms. Chloride ions and nitrite ions com-
pete for ferrous ions produced in concrete. The relative con-
centrations of chloride and nitrite determine the type of reaction
that takes place. If the nitrite ion concentration is large, then
nitrite reacts with ferrous ions to form a passive layer that
closes off the iron surface, stopping further reaction; as such,
the amount of nitrite reacting is very small (12-17).

There was concern about the production of NO gas in con-
crete, nitrite ions changing the size of the anode, and dan-
gerous cathodic reactions. If produced, NO gas changes to
NOj3 eventually in the presence of O, but only after cor-
rosion would have taken place and the concrete had been
destroyed. Nitrite does not enter the reactions involved in
producing the anode but reacts with the resulting products of
the anode. Thus, it cannot affect the size of the anode.

The dangerous cathodic (/8) reaction is

NO; + 6H°— NH, + OH~ + H,0 3)

which is a reaction that can take place only in an acid envi-
ronment. Therefore, the preceding concerns were unwar-
ranted.

More important than the theory is the actual performance
of calcium nitrite in concrete. Calcium nitrite meets the
requirements of ASTM C494, and Table | shows the effect
on setting time and compressive strengths.

In the early 1970s the use of the Partial Immersion Cor-
rosion Test to study corrosion in concrete was popular (12).
Open circuit potentials of steel in mortars exposed to chloride
using this method showed that calcium nitrite was a corrosion
inhibitor (12).

A-Day Compressive “ chanage
Cement Admixtire 2 by Weight Strength, psa Inmnitial Firal relat1ve
Brand of Cement CkPan Hmain. F:mir. to coniral
A none 1525 €105152 8: 45 12:221 =
A 1¥ calcium nmitrite 1568 (102311D 00 10: 20 21
A 1% calcium chloride 2151 1493312 q4: 20 ¥:=30 51
A 27 calcium nitrite 1924 13266 3305 Az 55 55
A 27 calcium chloride 2624 (18092) 2:10 4: 55 S
a none 1467 C1011S)> 8: 30 —————
B 172 calcium nitrite 1576 (108672 S: 249 2: 05 37
B 12 calcium chloraide 2220 C15307)> 3:16 S: 00 [P
B 24 calcium nitrite 2075 143072 3:12 S:42 632
B 27 calcium chloride 2562 (176652 2:15 3: <0 74
Water/TCement ratio wvas 0.56 to 0.57; slump was A.0 + 0.5 in. (100 + 12 mm2;

Bir content was 1.95 + 0.25 percent.
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In the late 1970s, the FHWA developed its own test for
steel-reinforced concrete. Small bridge decks were con-
structed with steel closely spaced to accelerate the test. Salting
was done daily, and potentials were measured over a long
period. Several publications discussing the results [rom these
tests can be tound 1n the literature (/3,/7,19).

At the end of 2 years of accelerated testing, the most dra-
matic results with the corrosion inhibitor were found in the
series where a water-reducing admixture was used. Here the
control showed serious corrosion at the end of 6 months,
whereas the protected deck was just beginning to show a slight
amount of corrosion at the end of 2 years of continuous salt-
ing. Thus, with calcium nitrite and a water-reducing agent,
the service life of a bridge deck under severe conditions will
be extended. A finite amount of calcium nitrite, however,
cannot protect against the unlimited addition of chloride. It
was, therefore, important to determine the chloride:nitrite
effectiveness ratio.

Concrete cylinders were cast with embedded rebar using
6-in. I.D. plastic pipe, 12 in. long, using ASTM C-185 mortar
with admixed sodium chloride and admixed calcium nitrite.
All the specimens with a C17/NOj ratio less than 2.0 per-
formed satisfactorily in the test without passing the —300 mV
vs. SCE level, while more than half the specimens with
Cl=/NO; between 2.5 and 3.0 failed. It is apparent that if
the chloride:nitrite ratio is below 2.0, or below 1.5 to be on
the safe side, corrosion will be controlled.

If salt is continually put on bridge decks, however, the
concentration of the salt will increase. Thus, it is important
to know how salt concentrations build up with time.

It is generally believed that 1 to 2 lb. of chloride ion/yd? of
concrete will start the corrosion of steel in concrete. If it is
assumed that 2 percent solids on cement by mass solids on
solids (s/s) calcium nitrite will protect steel in concrete where
661 Ib./yd® of cement is used, corrosion will not begin until
the chloride ion concentration reaches 12.8 1b./yd?.

Thus, in concrete unprotected with calcium nitrite, corro-
sion will begin when the level of chloride is 1 to 2 Ib./yd?,
although high-quality concrete will take longer to get to that
level (20). In the concrete protected with calcium nitrite, on
the other hand, the concentration must reach 12.8 Ib./yd?.

The time it takes concrete to reach that level depends on
the diffusion of chloride into the deck. Diffusion depends on
several factors. For example, Ost and Monfore (27) found it
to depend on the water:cement ratio, as shown in Table 2.

Stratfull et al. (22) examined chloride content in 16 bridges
that had failed because of corrosion. They found the average
chloride content of the steel to be 2.6 1b./yd?; the average age
of the decks was 13 years. If calcium nitrite had been used at
2 percent s/s, then corrosion would not have started until the

TABLE 2 PERMEABILITY OF CHLORIDE ION IN
CONCRETE (21)

< CaCl2 at 2 in. Depth

WsC After 12 Months Sonaking
N.61 5.3
n.4as 1.4
0.37 n.1
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chloride level reached 12.8 Ib./yd®. Because the chloride levels
at which corrosion occurs with calcium nitrite are substantially
higher than those in unprotected concrete, there has been a
recent switch to quantity of inhibitor added independent of
cement content. One gallon of 30 percent Ca(NO,), solution
provides approximately 2.27 1b. of uitiite. Chloiide:nitrite
ratios are now based upon the gallons per cubic yard of 30
percent calcium nitrite solution added.

RECENT CORROSION TESTING IN
CONCRETE

In recent years improved electrical measuring techniques have
been used to examine the effectiveness of calcium nitrite. New
studies examining the effectiveness of calcium nitrite as an
inhibitor in concrete are reported (23—30) in this section.
One of the most extensive studies of calcium nitrite involves
more than 1,200 samples, 15 mix designs, and 0, 3, and 6
gallons/yd® of 30 percent calcium nitrite solution; it is nearing
completion after 4 years of accelerated testing (23,24). Sam-
ples were partially submerged in a 3 percent sodium chloride
solution with 1.3 in. of concrete cover. This environment
provided strong chloride wicking into the concrete with good
access to oxygen—that is, an extremely severe exposure.
Corrosion rates were determined using the polarization
resistance technique, electrochemical impedance, and peri-
odic removal of specimens to permit the visual examination
of the reinforcing steel appearance. Corrosion currents
expressed as 1/R,, inverse polarization resistance (wmho/cm?),
were integrated over time to determine the total corrosion in
pmho/cm? months. (Note that R, is the polarization resis-
tance, and the corrosion current is equal to B/R, where B is
a constant. Figure 2 shows the latest data, which are 1.5 years
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TABLE 3 CORROSION INHIBITOR TEST RESULTS (26)

21

Time to Corrosion and

Corrosion Current

Concrete Cover

1

Concrete Caover 2"

Time to Corrosion Current, Ua Time to Corrosion Current, Ua
HWater/Cement Sample Corrosion et e et e e S e COrrosion e e e e e et
Ratio Type CHeeks) 48 Heeks 116 Weeks Chleeks) <48 Weeks 116 Weeks
0.50 Control 6 245 > 54 o E 3
4 gals CN 21 30 2 €3¢ 0 o
6 gals CN 11 -3 Ed ¢ € a o
0.40 Control 128 3 €
4 gals CN 21 10 19 €€ 0 o
0.32 Control 2.5 110 2 €3¢
4 gals CN E 3 o o ¢ (2] o

¥ Sample failed
®¥» No corrosion activity after 116 weeks
%% Sample not made

CN — Calcium nitrite sample

Information Source:

1.
Report No. FHWAs7RD-86/193,

US Department of Tranmsportation

April 1987,

2.
September 1987
Wiss, Janney,

Elstner Associates, Inc.

more current than those published earlier (24). A total cor-
rosion measurement of 1,000 pmho-month/cm? is roughly
equivalent to 1 mil of average corrosion on the steel. This is
considered enough to cause rust staining or cracking of the
concrete. This was observed for several specimens that reached
that degree of corrosion.

This study showed that calcium nitrite delayed the onset of
corrosion, and in those cases where corrosion began, the rates
remained lower than in unprotected cases. Furthermore, the
benefits of calcium nitrite improved with lower water:cement
ratios.

The FHWA examined the effectiveness of calcium nitrite
in macrocell measurements made on minibridge decks, some
of which had admixed chlorides (25). Even though they used
a high (0.5) water:cement ratio and admixed chlorides in,
they concluded that “calcium nitrite can provide more than
an order of magnitude reduction in the corrosion rate.”

Another major study in which calcium nitrite was tested
was completed in 1987 (26). The macrocell corrosion rates of
minislabs were investigated in this study. The minislabs were
subjected to chloride ponding and severe drying for 48 weeks.

Protection Systems for New Prestressed and Substructure Concrete

Corrosion Protection Tests on Reinforced Concrete

Additional slabs with calcium nitrite in concrete with different
covers and water:cement ratios were added to the study, and
tests were extended from 48 to 116 weeks. A synopsis of
reported results and the additional results of the extended
test program are presented in Table 3.

The preceding study showed that as concrete quality improved
(w:c ratio decreased and cover increased), the benefits of
adding calcium nitrite corrosion inhibitor became greater.

The South Dakota Department of Transportation con-
ducted a study in which rebars were embedded in concrete
cylinders with and without admixed chloride (27). Steel in
cylinders with admixed chlorides without calcium nitrite went
into corrosion almost immediately, whereas samples contain-
ing calcium nitrite remained passive for months. For samples
without admixed chlorides, the benefits of calcium nitrite were
significant.

Some of the preceding samples were further analyzed. Results
of polarization resistance and electrochemical impedance tests
using methods described elsewhere (23) are presented in Table
4. The corrosion rate is proportional to 1/R, (R, is the polar-
ization resistance), and rates under 20 umho/cm? are consid-



TABLE 4 SOUTH DAKOTA LOLLIPOPS CORROSION RATES AT 3.5 YEARS (27)

Concrete Measured Polarization Corrmatoed

Mix Concrete Mix Ecorr, Resistance Resistance (Epl), CRPp, 1/Rp,

% CcfF = 5220 1bsyd3D cemd, SCE? (kohm—cm2> Cleohm—cm2 ) Clkcobun —cm Cumho /cm2Z2)

< 4.1 gal s yd3 —210 35 2=0 13" S

CadNDO2>»2
6 4.1 galsyd=2 —431 13 2.4 14. - 69
CadNO2Z2>2 +
27 lbssyd3 NaCl

19 27 1lbs/yd3 NarlCl —609 5.9 8.5 1.6 625

Concrete cylinder was cracked open by South Dakota DOT, which caused much higher corrosion rate. Note severe corrosion at 1/Rp s > 20 umho/cm2.
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ered passive (24). The corrosion rates were corrected for ohmic
resistance (37) and clearly show that calcium nitrite signifi-
cantly reduced corrosion.

After the corrosion rates were measured, the samples in
Table 4 were broken open. The samples without calcium nitrite
were severely corroded. Chloride and nitrite analyses were
performed; chloride levels ranged from 18 to 40 1b./yd® at the
rebar level, and at C1=/NO7 ratios of 1.6 to 2.2 calcium nitrite
prevented corrosion.

This study showed that calcium nitrite significantly reduced
corrosion of steel even when high chloride concentrations
were present. Furthermore, it showed that until corrosion
began there was no evidence of nitrite depletion at the rein-
forcement level.

Studies are now in progress examining the use of calcium
nitrite with silica fume (28,29). Early results (one in 2 years)
show that only the control samples without calcium nitrite or
silica fume are corroding. Of interest is the observation that
even though calcium nitrite increases the AASHTO T277
Rapid Chloride Permeability Coulombs value (see Table 5),
it either lowers or has no effect on the effective diffusion
coefficient for chloride. Thus, calcium nitrite is compatible
with silica fume and should protect the reinforcement when
chlorides reach it. This study also showed that calcium nitrite
increased compressive strength.

Recent testing showed that calcium nitrite also protects
galvanized steel and aluminum embedded in concrete (30).
This study involved alternate ponding of minibeams with 3
percent NaCl. Corrosion rates were measured by both polar-
ization resistance and macrocell corrosion. Visual observa-
tions were in good agreement with the electrochemical test
results shown in Table 6.

Also, the benefits of calcium nitrite in cracked concrete
have been demonstrated. Figure 3 shows the long-term total
corrosion, to alternate ponding with 3 percent NaCl, for rein-
forced notched minibeams (16 in. X 4 in. X 3 in.) with third-
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point loaded cracks that extend down to the reinforcing bar,
halfway to the bar, and not at all. Cracked samples with
calcium nitrite took longer to start corroding or are corroding
at substantially reduced rates. The uncracked samples are not
yet corroding because of the good-quality concrete employed,
as can be seen in Table 7. Cracks were less than 0.01 in. wide.
It was determined from this study that calcium nitrite is effec-
tive in the presence of cracks.

A recent study in Germany (32) showed that sodium nitrite
was also effective in reducing corrosion in cracked specimens,
even at much higher than recommended water:cement ratios
and a low dosage rate for the exposure conditions. This is not
surprising since two other studies showed that thin cracking
was not a significant factor in corrosion (33,34).

A small study was conducted looking at the benefits of
adding calcium nitrite to concrete containing fly ash. Figure 4
shows the long-term corrosion behavior of a control concrete
compared to concrete with fly ash or fly ash and calcium
nitrite. Calcium nitrite significantly improved corrosion resis-
tance, and fly ash by itself offered only minimal improvement.
Mix designs are given in Table 8.

IMPORTANCE OF MIX DESIGN

ACI 201 states that low water:cement ratios and good con-
crete cover should be employed when chloride exposures are
moderate to severe (35). Several of the studies mentioned
confirm the need for low water:cement ratio studies and ade-
quate cover (23,24,26,28,29). Furthermore, research (23,24,26)
clearly shows that calcium nitrite becomes more effective as
concrete quality improves. This is significant because the higher-
quality concretes outperform those of lesser quality; thus, the
improvements with calcium nitrite in good-quality concrete
are substantial.

ACI 201 also states the importance of air entrainment to

TABLE 5 EFFECTIVE CHLORIDE DIFFUSION COEFFICIENTS (D, ;) VS. AASHTO T277 COULOMBS (28)

Calcium off
Cement Factor Microsilica Nitraite ARASHTO T277

Mix kg/m3 Cpcy? 34 L/m3 (gpy? WoC Coulombs 1078 cm™2 /=
1 347 587> (8] 0.4a2 3663 11.0
2 343 (S80> o 20 4> 0. 498 4220 .0
5 350 <S91 D 15 a] D.4a8 198 8.7
6 359 607D 15 20 4> 0. <ag 253 (5 e
11 363 <H14)> 7.5 10 (2> D.43 380 0.8
13 338 CS?71D> a ] .38 3485 2.0
14 352 S595) a 20 <4 n. 38 1838 2.0
17 354 599> 15 o 0.38 = o.3
18 313 <S80 15 20 C<4> .38 119 D.3

Mote: D at 22°c «72%F>.

eFF
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TABLE 6 CORROSION CURRENTS OF METALS IN MINIBEAMS AFTER 24 MONTHS OF CYCLIC PONDING IN 3 PERCENT
NaCl

Cover

Type of Steel Cirm. 2

Black Steel 0.75

Galvanized Steel 0.75

Chromate Treated n.?vS
Galvanized Steel

Aluminum Conduit 1 3/8"

(14 Months)

Corrosion Current

Polarization Macrocell

Cale i Re&sistance Testing
Nitrite CuA/cm2) CuR/cm2)

] 1.575 0.831

2 0.026 0.005

4 26 2€ 2 0.001

s} 0.722 0.041

2 0.006 0.007, —0. 006

< n.ov72 (]

o 1.091 0.1035, —0. 25

2 0.325 0.00S

< 0.253 0.001

o 2.200 0.370

2 0.013 0. 008

49 0.011 0.011

% Negative wvalues are for corroding bottom bars.

% Not Available.

LEGEND:

no calcium nltrite protection
calclum nitrile protected
full-cracked to rebar
half-cracked to rebar
uncracked

3000 3.0

full:

half: full

2500

25

2000

1500

TOTAL CORROSION
(months x umho /cm?2)

1000

500

15

TIME
(months)

FIGURE 3 Total corrosion vs. time for precracked
beams with and without calcium nitrite.

TOTAL CORROSION
(mils)

protect the concrete against freeze-thaw damage. Concretes
that are properly air entrained with calcium nitrite and high-
range water reducers are resistant to freeze-thaw cycles (28).

COMPATIBILITY WITH OTHER CORROSION
PROTECTION SYSTEMS

As already shown, calcium nitrite is very compatible with
concrete containing microsilica or fly ash to provide reduced
chloride permeability. Sealers or membranes would be bene-
ficial in reducing chloride ingress.

STUDIES TO CONFIRM ACTION OF CALCIUM
NITRITE

A major study examining the effects of calcium nitrite in
saturated calcium hydroxide solutions with and without sodium
chloride was conducted (36). This study showed that calcium
nitrite significantly increased the potential at which pitting
begins and also increased the protection potential below which
pitting and crevicing do not occur. This is indicative of the
behavior of an anodic inhibitor and is beneficial in that it
significantly broadens the range in which steel cannot severely
corrode in concrete. Subsequent, unpublished work by one
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TABLE 7 CONCRETE MIXTURE PROPORTIONS AND PROPERTIES OF SPECIMENS IN PRECRACK

Slump, < Plastic f*c (23 days?>,
Mix CFCpociyyX WA Cim. D Air psi
Control 20 0.39 26 5.3 6771
Calcium Nitrite 6589 0.<40 3.6 s &e28s

27 solids by

ma=ss of cement’

Note:

TOTAL CORROSION VS. MONTHS PONDED

1600 N Freree e

—
N
(=1
o

(months x umhoi/cm?)
-3
3

TOTAL CORROSION

400 F

TIME PONDED
(months)

CONTROL
-4 - FLY ASH
—B— FLY ASH + Ca (NO,),

FIGURE 4 Effect of fly ash and fly ash + calcium
nitrite on the total corrosion of concrete rebars ponded in
3 percent NaCl.

TABLE 8 BASIC MIXTURE PROPORTIONS FOR FLY ASH:
CALCIUM NITRITE STUDY

Mix EF

# 1bs/ oy Wsc Admixture

1 <1993 D.62 Control

2 <A06 0.7 CF/Fly Ash = 4Ad6/122 pcy

=1 <06 0.73 CadNO2>2 = 1.9 gpy
CF-sFlygy RAsh = QA06/122 pcy

of the authors in higher pH, sodium, and potassium hydroxide
solutions showed no significant effect other than the trans-
passive potential becoming more active, as would be expected
for the decomposition of water (37).

Furthermore, the study showed that even extremely low
concentrations of nitrite were beneficial. A recent study by
Briesemann (32) also showed that low concentrations of nitrites
are not detrimental in the high-pH environment of concrete.

Averages for 323 mixes each design.

Studies (36) were performed in solutions purged with oxy-
gen-free nitrogen. In the absence of oxygen the nitrite did
not participate in a detrimental cathodic reaction as found at
lower pHs by Cohen (I8).

In another unpublished laboratory study by one of the
authors, there was no loss of nitrite in concrete samples exposed
to fog room conditions for 5 years followed by 2 years of
drying. In the absence of corrosion, nitrite is not consumed
as shown by Cohen (I8), by analysis of concrete in the South
Dakota study (27), and by a 7-year-old Illinois bridge deck.
Thus, nitrite is stable in concrete.

HOW TO USE CALCIUM NITRITE

Corrosion data from several studies (13,25,27,36) and chlo-
ride analyses performed on the concretes tested (or known
from the solutions employed) were combined to develop a
graph of chloride:nitrite ratios at which corrosion occurs ver-
sus admixed 30 percent calcium nitrite solution. The graph is
provided in Figure 5. Based on Figure 5, Table 9 was devel-
oped as a guide on how much calcium nitrite is needed to
protect steel from a given chloride ingress.

If one can estimate the amount of chloride that will reach
the steel at the design life of a structure, an estimate of the
calcium nitrite needed to protect the structure can be given.
Chloride levels can be estimated from experience and con-

5 T T T T T T
e}
4 © & =
[S]
::3 O O [e) 5
=) g o© Ke
= g g8 P
. (o) =
2.2 o @] g
[5]
1

(o]

(o]0}
2Jeie)

lO
0 2 4 6 8
(10) (20) (30) (10
Calcium Nitrite Solution gal/yd? (L/m?)
O WRC DECK at Corrosion Initialion O Lollipops Test, Steel Not Corroded
@ Solution Test, Steel Nol Corroded © FHWA Corrosion Initiation

O Lollipops Test, Steel Corroded @ FHWA Corroded
® FHWA No Corrosion

FIGURE 5 Chloride:nitrite ratios at which corrosion
occurs based on testing in solutions and concrete.
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TABLE 9 CALCIUM NITRITE DOSAGE RATES VS.
CHLORIDE

Calcium MNMitrite Chlorides

(gallons/c.y-? (pounds/c.y.- 2

5.0
9.9
13.0
15.0
16.0

o A WN

crete properties, and several papers give methods and exam-
ples of predicting chloride levels (3,28-30,38).

CONCLUSIONS

Nitrites have been used in concrete for more than 30 years
in Europe. Calcium nitrite has been available in the United
States as a concrete admixture for more than § years. Exten-
sive testing shows that it

@ Protects steel against chloride-induced corrosion;

e Improves in efficiency as concrete quality improves;

e Improves compressive strength;

e [s beneficial to corrosion protection in higher quality con-
crete and lowers corrosion rates once corrosion begins; and

® Works in the presence of cracks.
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Measuring Rate of Corrosion of Steel in
Field Concrete Structures

KenNETH C. CLEAR

Three-electrode linear polarization testing has become a val-
uable tool for measuring the corrosion rate of reinforcing steel
in concrete. Discussion covers the test technique, procedures,
and specially constructed portable equipment used to collect
valid and useful data to help project future distress and its
rate, and in defining the effectiveness of rehabilitations. Guide-
lines are presented for use in data interpretation.

In the mid-1970s, researchers recognized that the “missing
link” in the area of corrosion of steel in concrete was the
inability to define rate of corrosion nondestructively. Con-
ventional methods of assessing condition put great emphasis
on close examination of physical evidence of corrosion dis-
tress. The presence of undue cracking, discoloration of con-
crete surfaces with corrosion products, spalls over reinforce-
ment, and delaminations determined by sounding techniques
are probable evidence that corrosion of reinforcement has
reached an advanced state in a reinforced concrete structure.
These procedures are not useful, however, in determining the
possibility of corrosion in structures in which these physical
indicators of advanced deterioration are not evident.

Chloride analyses by wet chemistry and carbonation testing
using indicators have been helpful in determining if conditions
conducive to corrosion are present. Both are destructive, how-
ever, and chloride analyses must be performed in the labo-
ratory. Half-cell potential measurements (ASTM C-876) can
be used to determine whether steel corrosion is active or not
in some situations. A large uncertain area exists in this testing,
however, and many variables other than corrosion affect the
magnitude of potential (i.e., moisture and oxygen contents).

No single test method now frequently being used in the
field is a completely dependable indicator of reinforcement
corrosion activity. To overcome the “missing link,” major
research efforts have been undertaken or programmed by the
U.S. National Bureau of Standards (NBS), the U.S. Federal
Highway Administration (FHWA), the Strategic Highway
Research Program, and others to develop rate of corrosion
equipment.

Using interim outputs of the aforementioned efforts and
detailed laboratory studies, KCC INC has developed and
implemented such equipment. In the last 5 years, the tech-
nology has been used to define the rate of corrosion of steel
in many laboratory specimens and in concrete bridge decks,
buildings, parking garages, chimneys, seawater canals, piers,
and other structures. More than 5,000 measurements have

Kenneth C. Clear, Inc., 201 Davis Drive, Unit GG, Sterling, Va.
22170.

been made on more than 25 structures as well as numerous
laboratory and outdoor exposure specimens.

A database of sufficient content is now available for use in
translating the scientific information into usable decision-making
data. Such is essential because the goal of the testing is most
often to predict the future durability and maintenance require-
ments of a reinforced concrete structure, or to define the
benefit of a repair technique as a means of reducing future
repair expenditures.

This paper describes the three-electrode linear polarization
rate of corrosion technique and KCC INC experiences, equip-
ment, and procedures.

THE “‘3LP”’ TECHNIQUE

The term “3LP” refers to an established laboratory proce-
dure, the “three-electrode linear polarization” technique, or
a slight test variation known as the “polarization resistance”
method, which has been adapted for use in the investigation
of field structures.

This test procedure is based on the Stern-Geary character-
ization of the typical polarization curve for corroding metals;
in this characterization a linear relationship is described math-
ematically for a region on the polarization curve in which
slight changes in current applied to corroding metal in an ionic
solution cause corresponding changes in the potential of the
metal. Simply stated, if a large current is required to change
the potential by a given amount, the corrosion rate is high;
on the other hand, if only a small current is required, the
corrosion rate is low.

Both tests are usually performed utilizing three “elec-
trodes” in, or on, the test sample. The steel bar being tested
for its corrosion condition is often called the “working elec-
trode,” as shown in the schematic in Figure 1. The “reference
electrode,” which is often a copper-copper sulfate half-cell,
is used to sense potential changes induced in the steel bar
“working electrode” by a current, which is introduced into
the ionically conductive system through a ‘“‘counter elec-
trode.” Current output to the counter electrode is variable
and is often controlled automatically by the “potentiostat” to
maintain a preset potential at the reference electrode.

Figure 1, bottom, presents typical laboratory polarization
resistance data. It shows a current versus voltage scan in which
the scan rates were 0.1 mV/sec. The data plot as a straight
line. The polarization resistance data can be expressed as the
slope of this straight line (the potential divided by current)
per unit area of steel surface affected by the induced currents.
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In electrical terminology, a potential (in volts) divided by a
current (in amperes) yields 4 tesistance (in ohuns). Tliis accounts
for one name of the test technique (polarization resistance)
and the units in which the data are expressed.

The polarization resistance data can be further defined using
the Stern-Geary equation to calculate the corrosion current
(in microamps) per square centimeter of bar surface area or
milliamps per square foot of bar surface area. When the test
is performed and corrosion current densities are calculated,
the test procedure is usually termed a “linear polarization”
test. Although obtaining corrosion current density appears to
be a highly desirable end result of testing activity, the accuracy
of the current density at the face of the tested bar is affected
by the validity of the Stern-Geary constants used in the cal-
culation and the assumptions made about the area of steel
influenced by current from the counter electrode. Only the
latter assumption is a variable for polarization resistance
measurements.

3LP EXAMPLE

As already noted, the following equation (Stern-Geary) is
used to define corrosion rate (ICORR in milliamps (mA) per
square foot of steel surface):

(Ba x Bc) (A Itest)

ICOBR = 2 %(ps + B (A & test)

(sq ft of steel)

where

Ba = anodic Tafel slope
Bc = cathodic Tafel slope
A I test

= = slope of I/'E plot (i.e., inverse of polarization
A E test

resistance),
I = change in current in mA,
E = change in potential in mV.

ICORR is expressed in milliamps per unit of steel surface
because corrosion is an electrical phenomenon and the factor
being defined is the corrosion current at one point in time;
mA per square foot of steel surface was used. If a constant
rate over time is assumed, ICORR for steel can be converted
to MDD (milligrams per square decimeter per year) by mul-
tiplying it by 2.691, or to MPY (mils per year) by multiplying
ICORR by 0.492. It is known that 1 amp of corrosion current
flowing for 1 hour will consume 1.04 g of iron. Thus, calcu-
lations of corrosion rate in terms of metal loss per year are
possible if monitoring with time is performed or an assumption
is made that the corrosion rate has been or will be constant
in the past or future.

In laboratory or outdoor exposure studies, it is relatively
easy to define the steel surface under test because often only
a single piece of steel is present and a surface-applied, “por-
table” counter electrode can be sized and positioned so that
the entire steel surface (or only a specific portion of it) receives
current. For example, the following ICORR values were defined
at 1 year of age on two test slabs: one known to be salt-
contaminated and to contain corroding steel, and the other
known to be essentially salt-free with noncorroding rebar:

Slab A—corroding: ICORR = 2.093 mA/sq ft
Slab B—no corrosion: ICORR = 0.024 mA/sq ft
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If these corrosion currents remained constant for 1 year,
they would translate to iron consumption of 19.1 g/sq ft per
year for slab A and 0.22 g/sq ft per year for slab B; and to
metal loss on the no. 4 rebar of 1.03 mils per year (MPY) on
slab A and 0.01 MPY on slab B.

The 3LP technique was validated as a means of estimating
rate of corrosion of steel in concrete in laboratory work per-
formed by Escalante at NBS under contract with the FHWA
(/,2). A study was performed in which steel rods of known
weight were embedded in concretes with and without chloride
and then subjected to various exposures (continuous or alter-
nate immersion in chloride-containing or chloride-free solu-
tions) for 115 to 148 days. 3LP measurements were made 5
days per week, and predicted weight losses were calculated.
The specimens were then examined, and actual weight loss
was determined. The overall correlation coefficient (for
x = gravimetric weight loss) was 0.75, and the 3LP test
slightly underestimated the corrosion weight loss (predicted =
0.93  actual). Considering the many variables and assump-
tions involved, such correlation is excellent. In these tests,

. the steel in salt-free concrete yielded average ICORR values

of 0.01 and 0.04 mA/sq ft, while the steel in salty concrete
yielded average ICORR values of 0.10 to 2.12 mA/sq ft of
steel,

Corrosion Rate Testing in the Field and Equipment

The NBS 3LP field work was conducted with a portable,
computer-based apparatus that was specifically designed and
built for FHWA use on bridge decks. The slope of the polar-
ization resistance curve was established from two points: the
point at 0 current and potential, and the point found to be
the average current applied over a 3.5-min ‘“holding period”
while a constant polarization of —10 mV from static was
maintained. During the 3.5-min holding period, current was
applied to the counter electrode in cycles of 2.2 sec “on” and
0.4 sec “off.” The reference potentials (at or near — 10 mV)
were measured during the 0.4-sec current shutoff period to
avoid the considerable interference with the potential mea-
surement caused by currents emanating from the counter elec-
trode (i.e., IR drop error). Potential measurements were taken
about 75 msec after current shutoff, and calculations were
made assuming Tafel slopes of 150 mV per decade (formula
constant = 32.6).

Three bridge decks between 17 and 54 years of age and
subject to de-icing salt were studied by the NBS researchers.
ICORR average values of 0.19, 0.41, and 0.71 mA/sq ft were
found on these decks, which were said to be in good condition
except for some cracking. Unfortunately, no correlation was
provided between rate of corrosion results and the findings
of other techniques (i.e., delamination, chlorides, etc.).

The greatest advantage of the NBS prototype device is that
it is configured for “turnkey” operation; the apparatus con-
trols the test period, takes the current and potential data, and
delivers final calculated values. It minimizes operator-caused
variables in the test. Unfortunately, parts of the prototype
machine are outdated, and the particular computer NBS used
is not available. Thus, it was impossible simply to reproduce
the NBS device. Further, several other aspects of the device
were cumbersome, and the bases for some assumptions were
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unclear. Examples include the need to “buck” the galvanic
potential between the counter electrode and the rebar to 0
prior to test, and the assumption that the steel being affected
was twice that beneath the counter electrode. Also, there is
some question about the proper Stern-Geary formula con-
stants. Additional large studies will be required to address all
the unknowns. In the interim, however, data are needed on
the effect of repairs and the estimation of time until major
maintenance. It is toward these goals that KCC INC has been
working.

Equipment was fabricated to perform the test in a manner
similar to that of NBS. It was modified as necessary to meet
the needs of the various structures, test situations, and improving
knowledge. Initially, AC-powered equipment that produced
a half-wave DC pulse was utilized, and a battery-operated
oscilloscope was used in a nulling mode to measure the half-
cell potential during the off periods. This was replaced by
battery-operated equipment with pulsing DC output because
of the portability and electrical noise requirements and the
desire for variable on and off periods. The oscilloscope was
eliminated through use of a gating voltmeter that measures
only during a select portion of each off period. Galvanic cur-
rent flow between the counter electrode and the structure
reinforcement was initially a problem. Therefore, a special
circuit was developed that automatically blocks this current
while passing the test pulse. The device was constructed so
that two pulses of variable characteristics were available. The
“fast” mode uses a 60-hertz square wave with a 50 percent
duty cycle, while the “slow” mode simulates the NBS wave-
form described earlier. A timer (digital clock) was included
to allow control of the test period to facilitate E log I testing
and use of the NBS holding period if desired. Various counter
electrodes (CE) composed of steel, platinum, copper, and
carbon have been used. In most instances when a portable
CE is used, a sponge-encased copper mesh about 3 in. wide
and 7 in. long is used. In such instances, it is assumed that
the steel under test is only that beneath the CE. The most
commonly used portable reference cell is copper-copper sul-
fate, placed in a “‘hole” in the center of the copper mesh CE.
When embedded probes are used, the CE is usually steel and
the reference cell is graphite, and both are embedded in a
concrete or mortar cylinder. Figure 2 presents photographs
of the various components of the 3LP device.

It was obvious from the NBS work and initial KCC INC
efforts that the 3LP technique was a viable means of differ-
entiating between structures with passive and rapidly corrod-
ing rebar. It was also obvious, however, that the exact test
and equipment parameters were not yet completely known.
It was therefore concluded that a manually operated device
with versatility (i.e., one that could use various polarization
schemes and times, power application rates, or holding periods
and also run E log / tests to establish Tafel slopes) was needed.
Present equipment is thus manual; the current is applied by
turning a knob at a user-defined rate.

KCC INC no longer defines Tafel constants in the field in
all instances. Rather, the extensive database and defined aver-
age values (formula constant = 41) that are used in ICORR
calculations, except in new or unusual circumstances, have
been summarized. As a result, a preprogrammed portable
calculator (with printer, if desired) is often used in the field
to allow immediate on-site calculations of polarization resis-
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tance, ICORR, MDD (milligrams per square decimeter per
year), and MPY (mils per year).

During the last 2 years, tests have been run using various
modes of operation. As a result of these experiences, the
following procedure is now preferred:

1. Set up equipment by wetting sponge, positioning the
counter electrode over the rebar to be tested, connecting the
rebar ground lead, and confirming that the half-cell potential
is stable and nulling it to 0. Define the rebar affected using
the structure’s plans and bar locator.

2. Reset the timer, and turn on the current, choosing *“fast”
(60 Hz) pulsing (the timer starts automatically).

3. Slowly increase the current to the counter electrode until
the half-cell potential meter reads 4.0 mV (—4 mV of polar-
ization). Total time should be 0.5 to 0.8 min.

4. Read and record the current on the digital meter to the
nearest 0.0001 mA.

5. Continue, repeating item 3 until a half-cell offset of 8
mV is achieved. Total time should be 1.0 to 1.6 min.

6. Read and record the current.

7. Continue repeating item 3 until a half-cell offset of 12
mV is achieved. Total time should be 1.5 to 2.4 min.

8. Read and record the current.

9. Reduce current to zero, reset the timer, and confirm
that the potential returns to between —2 and +2 mV (usually
within 2 min). While this is occurring, input the data into the
preprogrammed calculator and calculate results.

Test time per location is typically 10 min, divided as follows:
item 1 (setup), 6 min; items 2 through 6 (testing), 2 min; and
item 7 (confirmation and calculation), 2 min.

At times, other cathodic polarization sequences (examples:
2,4, 6, 8, and 10 mV or 5, 10, and 15 mV) are used and
generally have yielded similar results. Also, testing to date
indicates that similar results are obtained at the 60-hertz and
the slower NBS pulse rates. Note, however, that no “hold
time,” as defined by NBS, is used and the total “‘powered”
test time is typically only 2 min. KCC INC experiences with
“hold times” have indicated that current continually decreases
and steady state is not achieved.

Typical Field Results

Typical results obtained by KCC INC on field structures dur-
ing the past 4 years are discussed next. Figure 3 presents data
obtained in 1983 and 1984 on the interior portions of a mul-
tistory concrete building containing lightweight concrete with
up to 2 percent calcium chloride dihydrate by weight of cement.
Active corrosion in tiled areas had resulted in delamination
and spalling, whereas no damage had occurred in carpeted
areas. All half-cell potentials were more positive than —200
mV CSE; thus, the ASTM C876 technique provided no help
in assessing the corrosion state. The “trial area” shown in the
figure represents monitoring with time after tile was removed
to determine whether or not corrosion rates would decrease
quickly as a result of drying. These data should not be trans-
lated directly to ICORR because the equipment at that time
was not as accurate as that used today (actual corrosion rate
was underestimated). The data can be compared among them-
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FIGURE 2 KCC INC rate of corrosion equipment and testing: (a) KCC INC 3LP device, (b) unassembled portable probe,
(c) PC-8 pocket computer and printer, (d) assembled portable probe, (e) embeddable probe, (f) test setup: large-scale specimen,
and (g) test setup: laboratory specimen.
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FIGURE 3 Linear polarization values for corroding and noncorroding areas of an office building.

selves, however, and it is worthwhile to note that the corrosion
rates in the deteriorating tiled areas averaged 75 times those
in the nondeteriorated carpeted areas, and that no decrease
in corrosion rates occurred during 5 months of drying after
the tile in one area was removed.

In early 1984, KCC INC obtained data on a seawall with
no visible distress, delamination, or rust staining. Near the
top of the wall, chloride levels were low, potentials were more
positive than —200 mV CSE, and 3LP corrosion rates were
0.03 and 0.02 mA/sq ft of rebar. Near the “normal” water

line, potentials were in the range of —227 mV to —376 mV,
and 3LP corrosion rates ranged from 0.82 to 2.75 mA/sq ft,
averaging 1.77 mA/sq ft. Below the “normal” saltwater line
(the seawater canal was empty when tested), chloride at the
rebar level exceeded the threshold to induce corrosion; poten-
tials were —396 mV and —501 mV CSE, and 3LP corrosion
rates were 5.39 and 5.09 mA/sq ft. Within 2 years, widespread
corrosion-induced delamination occurred in the lower por-
tions of the wall. No damage has occurred near the top of the
walls.
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COATINGS AND CONTROL PANELS, 3.4M SUP/RET
(SLIGHTLY ABOVE WATER LINE)

3 LP CORROSION RATE vs TIME
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FIGURE 4 Changes in corrosion currents measured with an embedded linear polarization probe.

Figure 4 presents data obtained later in 1984 and in 1985,
using embedded probes in seawalls. The probes were posi-
tioned slightly above the water line, and the figure shows the
corrosion rate with time, including the effect of canal flooding,
for panels that were coated with epoxy and urethane coatings
and for uncoated control walls. Each data point represents
the average of four or more individual measurements. Note
the large increase in corrosion rate when the canal was flooded
with seawater and the fact that the increase was much greater
for the controls than for the coated panels. For both controls

and coated panels, however, the corrosion rates remained
unacceptably high after flooding. Widespread corrosion-induced
delamination occurred in the canal system (uncoated) at the
test wall level within about 1 year of test completion.
Figure 5 shows typical findings from an embedded probe
in a sound area of a 45-year-old concrete chimney undergoing
carbonation-induced reinforcing steel corrosion. Chloride lev-
els were less than 0.15 percent by weight of cement. The
linearity of the data (cathodic polarization vs. current) is
excellent. ICORR findings from the four probes on two occa-
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TABLE 1 CONCRETE CHIMNEY SUMMARY OF RATE OF CORROSION FINDINGS—A
THREE-ELECTRODE LINEAR POLARIZATION
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Probe # Location ICORR, mA/Sq. Ft. during
Aug. 1985 Oct. 1985
1 45’N 1.06, 0.88 1.19
2 120’ 0.06 0.15
3 1507 2.67 6.2
4 2367 125 1s1

Carbonation-induced corrosion of a 45-year-old concrete chimney.

sions (in August 1985 and in October 1985) are presented in
Table 1. In three of four instances, ICORR exceeded 1 mA/
sq ft of rebar. Corrosion-induced delamination was wide-
spread on the chimney.

Table 2 presents data obtained on the exterior columns and
balconies of a 17-year-old building in the Florida Keys. The
structure exhibited rebar corrosion-induced delamination and
spalling, and ICORR averaged 1.2 mA/sq ft. Rebar-level
chlorides often exceeded 3 1b. chloride per cubic yard.

Table 3 presents data from an 18-year-old parking deck in
the northeastern United States. This structure was suffering
from de-icing-salt-induced reinforcing steel corrosion, and it
exhibited delamination and spalling in select areas. Chloride
contamination at the rebar level was quite variable, as were
the 3LP results, averaging 2.44 mA/sq ft, with a range of 0.24
to 9.04. It is interesting that, in the cases of variable rebar-
level chlorides that have entered the concrete as a result of
environmental exposure, the rate of corrosion findings is typ-
ically quite variable. This is undoubtedly the result of the
macroscopic (galvanic) nature of the corrosion processes in
these structures. Variability was less in another structure in
which the chlorides were introduced inadvertently into the
concrete mix. Testing of this 6-month-old structure, located
on the seacoast of an Atlantic Ocean island, concentrated on

a large, thick, reinforced slab at grade. In the area containing
concrete with about 0.25 percent chloride by weight of cement;
25 rate of corrosion tests averaged (ICORR) 9.5 mA/sq ft,
with a range of 4.6 to 14.7 mA/sq ft.

All the structures mentioned involved known or probable
ongoing corrosion of the embedded steel because of chloride
or carbonation. Testing has also been performed, however,
on structures with very low chlorides (less than 0.06 percent
by weight of cement) and on uncarbonated concrete sur-
rounding the embedded steel. Overall, the average of more
than 30 measurements in three structures (interior sections of
buildings from 3 to 25 years old) was 0.09 mA/sq ft, with a
range of 0.01 to 0.18.

SPECIAL SITUATIONS

In all the preceding situations, it was possible to position the
counter electrode so that the 3LP current affected embedded
steel of a known surface area. In other cases, however, this
is difficult. For example, in some structures, many different
metals are often present close to one another. A case in point
is a post-tensioned parking deck in which mild steel rebar,
the post-tensioning anchorage, and a strand are all present in
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TABLE 2 3LP RATE OF CORROSION DATA—FLORIDA
KEYS BUILDING (EXTERIOR COLUMNS AND BALCONIES)

TEST ICORR
LOCATION mA/Sq. Ft.
1-1 1.13
1-2 23
1-3 1.34
1-4 3.50
2-1 2.39
2-2 0.90
2-3 0.49
4-1 0.46
4-3 0.20
4-6 0.04
5-1 1.07
5-3 0.30
5-6 1.13
7-1 0.61

AVERAGE = 1.16

RANGE = 0.04 to 3.50

the critical anchorage zone, where corrosion rate measure-
ments are often wanted. The multiple-metal situation is usu-
ally approached in one of two ways.

In the first method, locations in the structure that are known
to be noncorroding are defined, as well as the suspect areas
that are to be tested. All areas are confirmed to have the
same metal and configuration. Only I/E (the slope of the
linear polarization curve) is defined at each location. Although
the two Tafel slopes and the surface area of metal are unknown,
it is logical to assume they are equal in all the test cases; thus,
a comparison of the I/E values at two locations is also a direct
comparison of their corrosion rates. It is also worth noting
that KCC INC has found that noncorroding steel in field
structures will typically provide I/E per square foot values of
0.0008 or less, whereas steel in rapidly corroding (and dete-
riorating) structures exhibits values as high as 0.0800. This is
a 10,000 percent range; thus, even if an approximate steel
surface area that is, say, 25 percent in error is defined, or the
Tafel slopes vary slightly from location to location, the cor-
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rosion state of the embedded metal still is established with
reasonable certainty.

In the second method, small laboratory “mock-ups” are
made in which the metal configuration in the structure is
simulated. (If multiple metals are present, they are not per-
mitted to contact each other and a leadwire is attached to
each one separately.) They are then cast in concrete similar
to that used in the structure. After curing, a counter electrode
identical in size to that to be used on the structure is positioned
exactly as it will be on the structure. Linear polarization tests
are run normally except that data are also collected on the
“current received’’ by each piece of metal. In some instances,
identical mock-up specimens are also made, except that the
concrete in one is salt-free (thus, the steel is noncorroding)
and at least a portion of that in the other is salt-bearing (thus,
the steel is corroding). Through careful specimen design, a
known high-corrosion-rate situation can be created. This lat-
ter approach has the advantage of defining not only current
distribution but also the I/E range to be expected and the
values indicative of noncorroding and rapidly corroding steel.

Both the preceding techniques have been used successfully
as a way of assessing the present corrosion condition of metals
embedded in concrete structures.

The 3LP test cannot be performed when a cathodic pro-
tection (CP) system is “‘on” because the potential of the struc-
ture rebar has been polarized beyond the linear region. KCC
INC has used the technique in concert with CP, however, by
using embedded probes made with salty mortar and a rebar
counter electrode. When the CP system is off and the rebar
is depolarized, the 3LP test is run, thus allowing definition of
the structure’s natural corrosion rate and the effect of CP on
the natural rate with time. When the CP system is on, or
depolarizing, the half-cell in the probe is used to define polar-
ization and/or depolarization; the probe rebar is used as a
current pickup electrode. (This is done by connecting it to
the structure rebar via a resistor and defining voltage drop
across the resistor and converting it to current.)

SUMMARY AND CONCLUSIONS

Three-electrode linear polarization testing has become a val-
uable field tool in diagnostic and rehabilitation work on a
variety of reinforced concrete field structures.

Specially constructed equipment has confirmed its ability
to provide valid and useful data for projecting future distress
and its rate, and for defining the effectiveness of rehabilita-
tions. The equipment functions well both with portable probes
placed on the surface and with embedded probes.

Based on KCC INC results from laboratory, outdoor expo-
sure site, and field tests, the following guidelines for use in
data interpretation (assuming constant corrosion rates with
time) emerge:

ICORR less than 0.20 mA/sq ft—no corrosion damage
expected

ICORR between 0.20 and 1.0 mA/sq ft—corrosion damage
possible in the range of 10 to 15 years

ICORR between 1.0 and 10 mA/sq ft—corrosion damage
expected in 2 to 10 years
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TABLE 3 RATE OF CORROSION DATA—18-YEAR-OLD PARKING DECK,

NORTHEASTERN UNITED STATES

TEST ICORR TEST ICORR
LOCATION 7 MA/FT2 LOCATION MA/FT2
RP1 1.16 RP20 1.57
RP2 1.91 RP21 1.99
RP3 1.15 RP22 0.67
RP4 2.24 RP23 0.67
RP5 0.67 RP24 0.96
RP6 4.73 RP25 9.04
RP7 0.63 RP26 0.79
RP8 1.18 RP27 5.72
RP9 8.01 RP28 0.45
RP10 6.15 RP29 2+:29
RP11 2.30 RP30 2.08
RP12 1.26 RP31 1.58
RP13 0.24 RP32 2.09
RP14 0.71 RP33 8.06
RP15 4.59 RP34 0.45
RP16 2.23 RP36 2.13
RP17 336 RP37 3.86
RP18 1.93 RP38 2.42
RP19 0.72 RP39 0.57
AVERAGE = 2.44
RANGE: 0.24 to 9.04
ICORR in excess of 10 mA/sq ft—corrosion damage expected REFERENCES

in 2 years or fewer

Deterioration rates are, of course, dependent on many other
factors as well, including reinforcing steel concentration and
cover.

Much remains to be learned in this area before a completely
automated device and a routine, totally quantitative method
become available. In the interim, however, the device and
technique described here can provide excellent data for engi-
neering decision making on field structures.

1. E. Escalante, S. Ito, and M. Cohen. Measuring the Rate of Cor-
rosion of Reinforcing Steel in Concrete. Annual Report NBSIR
80-2012. National Bureau of Standards, Gaithersburg, Md., March
1980, pp. 1-26

2. E. Escalante, E. Whitenton, and F. Qiu. Measuring the Rate of
Corrosion of Reinforcing Steel in Concrete. Final Report NBSIR
86-3456. National Bureau of Standards, Gaithersburg, Md., Oct.
1986, pp. 1-27.

Publication of this paper sponsored by Committee on Corrosion.
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Collapse of a Segmental Post-Tensioned

Concrete Bridge

R. J. WoODWARD

This paper describes an investigation into the collapse of a
single-span, segmental post-tensioned concrete bridge. The
structure consisted of precast units stressed together both lon-
gitudinally and transversely. It was built in 1953 and collapsed
at approximately 7:00 A.M. on December 4, 1985. There had
been no evidence of distress before failure, and there was no
traffic on the bridge when it collapsed. The investigation showed
that the bridge had deteriorated because of corrosion of the
tendons where they passed through the segmental joints. Cor-
rosion had occurred because the tendons had been inade-
quately protected at the joints, and this had enabled chlorides
to enter the ducts. It is believed that de-icing salts were the
major source of chlorides, although it is possible that dune
sand had been included in the mortar used to fill the transverse
joints. The results cause concern about the condition of other
post-tensioned concrete bridges in which tendons pass through
joints.

Segmental post-tensioned concrete bridges are made of a
number of units stressed together. The individual units may
be either precast or cast in situ, and they are stressed together
in such a way that the whole section remains in compression
under both dead and live loading.

Since the 1940s there has been rapid growth in the con-
struction of segmental post-tensioned concrete bridges. Some
of the first bridges of this type built in the United Kingdom
were made of small precast units. A number of footbridges
and at least one highway bridge are known to have been
constructed in this manner (/). Following the first application
of segmental construction, various methods have been devel-
oped to enable longer spans to be built using both precast
and cast-in-place segments (2). A large number of such bridges
now exist on trunk roads and motorways in the United King-
dom and many more worldwide.

Segmental construction is popular for numerous reasons.
It can be used for long-span structures, over long stretches of
water or difficult terrain, and in congested urban areas where
traffic disruption can be kept to a minimum. Structures can
be produced to take up any required horizontal or vertical
curvature, and the accuracy of the scction and profile can be
closely controlled during construction. It is possible to use the
formwork repeatedly and thereby achieve a greater economy.
Precast units can be produced under factory conditions,
inspected, and if necessary rejected without seriously inter-
fering with the progress of the work. They also have disad-

Transport and Road Research Laboratory, Crowthorne, Berkshire,
England.

vantages, however. The materials have to be handled twice.
There are additional costs in aligning and jointing the units.
Special plants are often required for erection and handling,
and construction stresses make the design calculations more
complex. But these problems have not deterred bridge engi-
neers from using this type of construction.

During the last decade there has been increasing concern
about the ingress of chlorides into concrete bridge decks as
a result of the application of de-icing salt, and the consequent
risk of corrosion to the reinforcement. The joints between
segments in segmental structures may be more vulnerable to
the penetration of chlorides than dense, high-quality concrete;
hence, these structures could be most at risk. It was assumed,
however, that this presented a serviceability problem rather
than one likely to cause sudden structural failure (3). This
assumption was proved incorrect when a segmental, post-
tensioned concrete bridge built in 1953 collapsed without
warning early one morning in December 1985 (4).

This paper describes the bridge and its inspection history,
gives an account of the investigations performed to determine
the cause of failure, and discusses the implications for other
structures of this type.

BRIDGE DETAILS
Location

The bridge was located in South Wales and carried an unclas-
sified road over the River Afan approximately 6 km upstream
from Port Talbot. It was situated at the bottom of a 1 in 6
hill, although until 1975 it had been separated from the hill
by a humpback bridge over an unused railway line. Despite
its low classification, the road is heavily trafficked and is on
one of the local highway authority’s primary winter gritting
routes.

History

Most records on the bridge have been lost as a consequence
of the local government reorganization in 1974. It was ascer-
tained, however, that it was built in 1953 when it replaced a
steel lattice girder bridge that was dropped into the river and
used as falsework. Other surviving material included prelim-
inary design calculations and a drawing showing the general
arrangement of the structure.
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FIGURE 1 Cross section of Ynys-y-Gwas bridge (1953-85).

Description

The bridge had a single span of 60 ft (18.3 m) that sat on
bearing paper on mass concrete abutments. It consisted of
nine longitudinal I-beams, two box section edge beams, and
two slabs 5 ft (1.52 m) wide that spanned the gap between
the I-beams and the edge beams (see Figure 1). The I-beams
carried an 18-ft (5.49-m) carriageway, and the slabs and edge
beams carried 6-ft (1.83-m) sidewalks and parapet walls. There
were service voids under the sidewalks between the outer
I-beams and the edge beams.

The beams were made up of eight segments 7 ft 11 in.
(2.41 m) long, post-tensioned together longitudinally with
Freyssinet tendons consisting of twelve 0.2-in. (5-mm) diam-
eter wires. The I-beams contained five tendons and the edge
beams, ten. The slabs were also made up of eight segments
but were not prestressed in the longitudinal direction. The
ducts were unlined within the segments, and the drawings
showed metal sleeves around the longitudinal tendons where
they passed through the 1-in.-wide (25 mm) transverse joints.
The joints were packed with mortar.

Transverse distribution of load had been provided by dia-
phragms 5 in. (127 mm) wide at one end of each segment and
transverse post-tensioning, using the same type of Freyssinet
tendons. The tendons ran through the top and bottom flanges
of each I-beam at the diaphragms and near the anchorages,
and through the top flange near the center of each segment.
The lower tendons were anchored in the outer I-beams, whereas
the upper tendons also passed through the slabs and were
anchored in the edge beams. There was no filler in the lon-
gitudinal joint between the beams, although a white fibrous
material had been packed around the transverse ducts where
they passed through the joints, presumably to prevent leakage
during grouting.

The running surface was made of a flexible surfacing and
base course on a cementitious roadbase. Records showed that
a bituminous felt waterproofing layer had been included dur-
ing construction.

Inspection History

The bridge was not subject to any weight restrictions and had
been regularly inspected. These inspections, which included
an examination of the whole soffit, had not revealed any
warning signs of distress, such as rust staining, cracking, or
deflection of the beams.

The bridge was closely examined in 1981 when it was required
to carry 50-tonne concrete beams, but nothing untoward was
observed during the passage of nine of these beams. No attempt
was made to confirm the internal integrity of the bridge nor
to assess its load-carrying capacity, since outwardly it appeared
entirely satisfactory. The loadings were arranged so as to
ensure that they were not in excess of the maximum permitted
HA loading. [HA loading is a formula loading representing
normal traffic in the United Kingdom (5).]

Collapse

The deck collapsed when there was no traffic on the bridge;
all nine internal beams failed (Figure 2). The line of failure
is shown in Figure 3. The edge beams and blockwork parapets
remained standing and apparently unaffected, despite the
inward and downward forces exerted by the top transverse,
prestressing tendons as the central deck collapsed. Some of
the slabs that spanned the gap between the I-beams and the
edge beams were left hanging from the edge beams.
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FIGURE 2 Ynys-y-Gwas bridge after collapse (photographs
courtesy West Glamorgan County Council).

INVESTIGATIONS ON THE CAUSE OF
COLLAPSE

The bridge deck segments were carefully inspected after they
had been lifted out of the river. It was evident that the pre-
stressing tendons were severely corroded at both the longi-
tudinal and transverse joints, indicating that this had been the
cause of collapse. There was no evidence of rust staining that
could be attributed to tendon corrosion on the external con-
crete and mortar.

The beams and segments were well aligned. A waterproof-
ing system of felt sheets laid on bitumen was found under the
cementitious roadbase. It is believed that this was the original
system laid in 1953. All the prestressing tendons had been
installed complete and in accordance with the drawings, except
for the edge beams, where ten tendons were found but only
nine had been shown. There was no evidence to suggest that
the tendons had not been fully stressed, and the anchorages
appeared sound.

The only intact members were the edge beams, which were
in good condition. There was no evidence of transverse crack-
ing, although longitudinal cracks, up to 0.5 mm wide in places,
were observed along the line of some of the deflected ducts.
The mortar cover over the transverse anchorages did not always
fill the recess in the side of the beam, and where wires pro-
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trnded they were severely corroded. This was also the case
for wires at the longitudinal anchorages at the eastern end of
the downstream beam. Some rust staining was apparent on
the inner face of one beam. It appeared to be due to tie wire
near the surface and was no more serious than on many other
structures. It would have been difficult to see during routine
inspection as it was hidden behind service ducts. There was
evidence of grout leakage on the surface of the concrete adja-
cent to where some of the transverse ducts crossed the joints
between the beams and the slabs. It may have leaked out
during construction and may account for the large voids found
in some of these ducts. Evidence of packing was found at all
the transverse prestressing points along both edge beams.

After the initial inspections had been made, some of the
segments and the two edge beams were taken to the Transport
and Road Research Laboratory (TRRL), where they were
carefully broken up to expose the tendons where they crossed
the joints. The tendons, grout, concrete, mortar, and longi-
tudinal packing were examined. Samples were taken for anal-
ysis, including measurement of total chloride concentration
using the extraction technique described in BS1881 (6). The
remaining segments were taken to West Glamorgan County
Council’s Earlswood Depot, and samples were drilled for
measurement of chloride concentration.

Duct Grouting

The degree of grouting in a sample of ducts is illustrated in
Figures 4, 5, and 6. These results were obtained by:

® Viewing ducts at the failure section,

® Inspecting selected ducts along their length by drilling
15-mm diameter holes and inserting a borescope, and

e Examining ducts as the segments were broken up.

Vacuum/Pressure Technique for Examining Ducts

The vacuum/pressure technique for examining ducts was used.
Void volumes and continuity of void in a duct were measured
by drilling two 15-mm diameter holes into the top of the duct
and applying a vacuum to each hole in turn. Continuity of
void was recorded as the pressure drop measured at one hole
as a vacuum was applied to the other.

Void volumes were measured by connecting the evacuated
voids to a water gauge consisting of a perspex tube dipping
in water. The volume of water drawn into the tube was mea-
sured and the volume of the void calculated. These measure-
ments were repeated at each hole. Three sources of error
were:

® The pressure within a partially grouted duct after it has
been evacuated is not uniform.

® Leakages into ducts can occur through cracks and at joints.

® Only two holes were drilled into each duct, so there may
be undiscovered voids.

All these errors lead to an underestimate of void volume; thus
the values obtained will be only approximate.
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Leakage from ducts was measured by pressurizing them to
0.2 N/mm? and measuring the flow rate. Points of leakage can
sometimes be located by painting soap solution on the beams.

Longitudinal Ducts

Eighteen of the 24 ducts examined in the I-beams were either
fully grouted or contained small air pockets, either at the top
of the duct or in the center between the wires. Of the other
six ducts, four contained large voids with exposed wires and
two were empty for part of their length (Figure 7). The largest
voids were found near the anchorages in deflected ducts,
although not all deflected ducts contained voids.

Holes were drilled into eight of the ten ducts in the end
segments in the downstream edge beam. The ducts were
inspected using a borescope, and the volume and continuity
of voids were measured using the vacuum/pressure method
just described. The results obtained are summarized in Ta-
ble 1. Exposed wires were observed in ten of the sixteen holes
drilled; they were covered with a layer of cement paste, and
there was no evidence of corrosion. The continuity measure-
ments showed that voids in the deflected ducts were isolated
at the high points, whereas voids in the two straight ducts
examined were continuous along the length of the beam. When
the beam was demolished, all ducts appeared to be well grouted
at midspan, although it was difficult to detect whether small
voids were present because the ducts were unlined. It was not
possible to measure void volumes in some ducts because of
high air leakage, presumably through the joints. An attempt
was made to locate points of leakage by pressurizing the ducts,
painting soap solution on the joints, and looking for air bub-
bles, but without success.

FIGURE 7 Examples of grouting. (a) Fully grouted, (b)
small air voids, (c) void in center between wires, (d) empty.
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The grouting in the upstream edge beam was examined at
the middle three joints as the beam was broken up. Voids
were found in the deflected ducts but, with one exception,
the four straight ducts appeared to be fully grouted.

Grout was found in the bottom of the hollow box in both
edge beams. It was about 15 mm deep in the downstream
beam and 190 mm deep in the upstream beam (Figure 8d).
It presumably had leaked from the ducts during construction.

Transverse Ducts

Eight of the fourteen transverse ducts examined were either
fully grouted or contained only small air voids. Of the other
six, three contained large voids with exposed wires and three
were almost empty. Grout stains on the concrete adjacent to
where ducts crossed some of the longitudinal joints indicated
that leakage had occurred during construction.

Composition

The grout was dry, hard, and grey or sometimes white. All
but two of the longitudinal ducts contained a grout consisting
of only cement and water, whereas a fine aggregate had been
added to the grout used for the transverse and the other two
longitudinal ducts examined. One of the latter samples was
analyzed and found to consist of Ordinary Portland Cement
and fine quartz sand with an aggregate:cement ratio of 0.15:1.0.

In both of the longitudinal ducts containing aggregate, the
grout was layered, one layer containing aggregate and the
other not. Tests on one of these samples showed that both
layers contained Ordinary Portland Cement, so the layering
was not due to leakage of mortar into the duct. It may have
been due, however, to the ducts being “topped up” after the
initial grouting operation.

Samples of grout were taken from segments and joints of
both longitudinal and transverse ducts, and depth of carbon-
ation and chloride content were measured. Depth of carbon-
ation was measured by cleaving the samples and spraying the
exposed fracture surfaces with phenolphthalein. None of the
samples examined had carbonated throughout, but the outer
1 to 2 mm of most of those taken from the joints had car-
bonated. It was noted that in both of the layered samples the
boundary between layers was also the boundary between car-
bonated and uncarbonated grout. With one possible excep-
tion, grout from within the segments in grouted ducts had not
carbonated; the exact origin of the carbonated sample had
not been recorded.

The results of the chloride analyses are summarized in Ta-
ble 2. With one exception, only trace amounts of chloride
were found in samples taken from within the segments, whereas
those from joints under the carriageway contained between
0.11 percent and 1.91 percent chloride by weight of sample,
with an average of 0.42 percent; this is reduced to 0.33 per-
cent, however, if the sample containing 1.91 percent is excluded.
Less chloride was found in samples taken from the edge beam
joints; one contained 0.30 percent, but the concentration in
the remainder did not exceed 0.02 percent. There was no
evidence that the chloride concentration in grout containing
aggregate differed from that in grout that did not.
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TABLE 1 DEGREE OF GROUTING—DOWNSTREAM EDGE BEAM

Duct Segment Visual Continuity Void volume
inspection N/mm Litres % of duct
x10° excluding
tendons
1I 1 Fa@ 0 0.1 1
8 LV 14 0.3 3
21 1 LV 0 0.3 3
8 LV 0 NM NM
31 1 FG 0 0.3 3
8 LV 0 3.3 30
41 1 FG 81 3.7 34
8 v 44 0.7 6
10 1 FG 0 0.3 3
8 Lv 0 0.7 6
20 1 LV 0 NM NM
8 LV 0 NM NM
30 1 FG 0 0.3 3
8 Ly 14 2.6 24
40 1 FG 81 6.3 57
8 LV 81 6.3 57

FG - Fully grouted

V - Void

LV - Large void.

NM - No measurement

Continuity - high figures indicate continuity of voids
between segments.

Condition of Prestressing Wires
Longitudinal Tendons

There was no serious corrosion within the segments. Wires
viewed through holes drilled into longitudinal ducts were in
good condition (Figure 9a). Exposed wires in large voids were
covered with a layer of cement paste that varied from large
patches to a few speckles dotted over the surface. There were
patches of light surface rust on some wires, but these may
have been present since construction. Patches of cement paste
adhered to wires taken from the ducts, and while some uncoated
lengths were covered with a layer of surface rust, others were
in pristine condition.

Most wires were corroded where they crossed the joints.
The condition of wires at the failure section varied from sur-
face corrosion with no loss of sectional area to severe loss of
section, the latter usually being accompanied by heavy scaling
and pitting. Those with little or no loss of section had suffered
ductile fracture. It was difficult to determine which of the
other wires had fractured as the bridge collapsed and which
had corroded through before collapse.

Several joints away from the failure section were carefully
broken up to expose the wires. The amount of corrosion
varied considerably, even on wires in the same duct. On the

FIGURE 8 Protection of tendons at joints. (a) Cardboard tube
over tendon, (b) asbestos packing with localized rust staining P 3
around hole through which tendon passed, (c) steel sleeve with majority it extended over lengths of 50 mm to 100 mm (Figures
corroded wires underneath, (d) leakage of grout from 9c and 9d), but on some it covered up to 250 mm. It appeared
transverse joints into box section edge beam. to progress from slight surface scaling and pitting to severe,
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TABLE 2 CHLORIDE CONCENTRATIONS (PERCENT BY WEIGHT OF CEMENT)

Average Standard Maximum
deviation
Concrete (1)
I-beam deck 0.20 0.19 0.73
top flange 0.12 0.08 0.32
web 0.20 0.18 0.64
diaphragm 0.43 0.22 0.78
bottom flange 0.58 0.33 1.15
soffit 0.59 0.33 1.01
edge beam-ds deck 0.09 (2) 0.09
outer web 0.12 0.03 0.14
inner web 0.40 0.28 0.83
edge beam-us outer web 0.06 0.01 0.09
inner web 0.26 0.25 0.92
Mortar
I-beam 0.66 0.63 2.08
edge beam 0.09 0.15 0.96
Grout
I-beam at joint (3) 0.50 0.51 1.91
" " (4) 0.22 0.11 0.36
within segment(3) 0.01 0.01 0.03
i " (4) 0.01 0.004 0.02
Edge beam-us 0.07 0.13 0.30
Corrosion products (5) 0.31 0.34 0.84
Asbestos (5) <0.01 <0.01 0.01

1. Samples drilled from a depth of 2-10mm
2. Insufficient samples

3. Longitudinal ducts

4. Transverse ducts

5. Chloride content — X by weight of sample
ds - Downstream. us - Upstreanm.

localized loss of section. On many wires loss of section was
in excess of 50 percent, accompanied by heavy scaling and,
in some instances, fracture of the wires. In extreme cases wires
had lost more than 90 percent of their cross-sectional area
but had not fractured. Only about 8 percent of the wires
examined had actually fractured. On most wires corrosion
occurred only on one side, the other often being in near
perfect condition even after significant loss of section had
occurred on the corroded side. The corrosion products were
usually a mixture of the black and reddish brown oxides of
iron; the former is magnetite (Fe,O,), the lower oxidation
state of iron commonly known as black rust, and the latter
haematite (Fe,O,), the higher oxidation state. Magnetite was
also found on fracture surfaces. It is produced where the
supply of oxygen is restricted; it is much more dense than the
more common red rust and does not therefore produce the
same expansive forces.

Three joints in both edge beams were dissected and the
wires examined. Corrosion was again localized to the joints,
but it was less severe than at the I-beam joints. After the
wires had been removed from the beam, it was difficult to
distinguish where some tendons had crossed the joints. Cor-

rosion was more severe in the upstream edge beam than in
the downstream beam; the proportions of wires that suffered
loss of section were 32 percent and 16 percent, respectively.
This compares with 70 percent in the I-beam joints examined.
The most severe corrosion was observed on wires that had
been pulled against the cardboard tubes surrounding the ducts.

An attempt was made to assess the condition of the tendons
where they crossed the joints. This was done by classifying
the degree of corrosion on each wire and giving it a mark on
a scale of 0 to 8 (Table 3). The total marks for each cable
were then subdivided into five groups. The results obtained
for the longitudinal ducts examined are illustrated in Fig-
ures 4 and 5. The estimates of loss of section are approximate
as the heavy scaling associated with many of the more severely
corroded wires made it difficult to estimate the amount of
steel remaining.

Transverse Tendons

Wires extracted from within the segments of grouted ducts
were partially covered with patches of cement paste. Some
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FIGURE 9 Condition of tendons. (a) Wires in poorly
grouted duct within a segment, (b) wires from poorly
grouted duct within a segment, (c) corrosion on wires at
joint, (d) wires in poorly grouted duct at joint, (e) fractured
wires at joint, (f) wires in well-grouted duct at joint. (a, ¢, e,
longitudinal tendons; b, d, f, transverse tendons.)

surface rust was present, but in general uncoated areas were
in perfect condition. Wires were severely corroded at the
joints. Corrosion usually occurred on one side of the wires,
and in some cases more than 90 percent loss of section had
occurred over distances of a few millimeters (Figure 9f).

In poorly grouted ducts corrosion that had started at the
joints extended along the width of the beams (Figure 9d). It
varied from extensive surface rust to heavy scaling, loss of
section, and fracture. Loss of section was usually almost uni-
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form around the circumference of the wires. Most fractures
occurred at the joints, although some were found within the
segments, and short lengths of wire that had corroded through
at both ends were found in some ducts (Figure 9b).

A summary of the condition of wires at the joints examined
appears in Figure 6.

Material Properties

A metallographic examination on selected wires showed that
they consisted of high-carbon, unalloyed, cold drawn steel
with no evidence of faults that would have contributed to
early failure. Chemical analyses of two wires are shown in
Table 4. The tensile strengths of fourteen uncorroded wires
were measured; they were in the range of 1,550 to 1,700
N/mm?, with an average of 1,600 N/mm? and a standard devia-
tion of 46 N/mm?. This agrees with the design calculations,
which assumed a strength of 100 to 110 tons/in.? (1,545 to
1,700 N/mm?).

Chemical analyses of corrosion deposits showed that chlo-
rides were present in significant quantities. No evidence was
found for the presence of sulfides. Fracture surfaces were
covered with a black oxide that contained significant quan-
tities of magnetite; its presence showed that oxygen access
had been restricted. X-ray energy dispersion analysis of selected
areas on the fracture surfaces showed the presence of chlo-
rides and calcium.

Protection at Joints

The metal sleeves that were meant to have covered the ten-
dons where they passed through transverse joints were found
at only a small number of locations. Most ducts were sur-
rounded by a flakey laminar material that looked like card-
board, and in several cases cardboard tubes could clearly be
seen (Figure 8a). Where metal covers were observed, they
did not appear to have offered much protection (Figure 8c).
A soft, pasty substance was found at several of the transverse
joints. Analysis of the material showed that it was a clayey
soil; it may have been used to position the sleeves that covered
the tendons where they crossed joints.

The squares of white fibrous material that had been placed
between the beams at the positions of the transverse ducts
were identified as asbestos. They were found at all the joints
examined. They were usually damp despite the otherwise dry
surroundings, indicating that they were acting as sponges,
soaking up any moisture that penetrated the waterproofing

TABLE 3 CLASSIFICATION OF CORROSION

Degree of Condition of wire Marking
corrosion
None No corrosion 0
Mild Slight surface corrosion with

some scaling and pitting 1
Moderate Mild corrosion plus

up to 25% loss of section 2
Severe 25 to 50X loss of section 4
Very severe >50% loss of section 8
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TABLE 4 CHEMICAL ANALYSIS OF WIRES

Element ¥ by weight
C Si Mn P S Cr Ni Cu

Wire 1 0.84 0.09 0.56 0.034 0.042 0.02 0.03 0.09
Wire 2 0.84 0.10 0.79 0.034 0.026 0.03 0.04 0.04

TABLE 5 CONCRETE PROPERTIES, MEASURED ON CORES DRILLED FROM THE STRUCTURE

I-beam
Estimated in-situ cube Web 67.0, 71.0
strength (N/mm ) Top flange 56.0, 64.5, 64.5
Density (kg/m®) Web 2323, 2302
Top flange 2291, 2267, 2328
Composition Cement OPC
Fine aggregate Chert
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Coarse aggregate Flint

Cement/aggregate 1:3.6, 1:3.4 and 1:3.7
Water/cement 0.37, 0.38.
Air voids 2%, 3% and 5%

Coefficient of water
permeability (1)
Depth of carbonation

2: OBXIO"‘m/sec to 7. 29x16‘3m/sec

0.4mm to 1.5mm

Up to 8mm along microcracks

Chloride concentration(2)

< 0.05% by weight of cement

Edge Beam
Estimated in-situ cube Web 64.5, 67.0
strength (N/mm?) Top flange 66.0, 65.5
Density (kg/m3) Web 2300, 2360
Top flange 2380, 2310

1. For guidance the permeabilities can be compared with typical
values given in the reference 9, these are as follows

low <10-10
medium 10 %o 10_:L2
high >10712
2. These measurements were made

centre of the concrete.

layer and providing a damp environment around the duct. In
one instance the packing had slipped, thus restricting the flow
of grout along the duct (Figure 8b).

Concrete
Examination of Cores

Eleven 100-mm-diameter cores were drilled from the top flange
and web of some of the segments. Five were used to measure
compressive strength and density, in accordance with BS 1881
(7.8); surface permeability measurements were made on three,
and the rest were subjected to a petrographic examination.

on samples taken from the

In addition, the cement:aggregate ratio, water:cement ratio,
and chloride concentration were measured on samples taken
from the cores. The results obtained are summarized in
Table 5.

In general the concrete was in excellent condition. It con-
sisted of dense, high-quality paste, and there were no serious
defects. The petrographic examination revealed minor micro-
cracking that was attributed to long-term drying shrinkage.
On one of the cores taken from a web there were more exten-
sive microcracks in the surface zone, accompanied by micro-
fractures that were at a low angle or parallel to the surface.
The origin of these microfractures was not evident, but they
may have been caused by the collapse. There was some sur-
face corrosion on reinforcement in one of the cores but no
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significant loss of section. Other pieces of exposed reinforce-
ment were in excellent condition.

Chloride Concentration

Samples for chloride analysis were obtained by drilling holes
13 mm in diameter and collecting the resulting powder. To
ensure that they were representative, several holes were drilled
at each location; to avoid erroneous results, powder from the
first 2 mm was discarded. Samples were taken from both the
I-beams and the edge beams. They were drilled from the
following positions:

® Deck (upper surface of top flange),
@ Sides of the flanges,

® Webs,

® Diaphragms, and

@ Soffit.

At a number of locations profiles of chloride concentration
as a function of depth from the surface were obtained by
drilling samples from depths of 2-10 mm, 10-20 mm, and 20~
30 mm, respectively. Samples from the remaining locations
were drilled from depths of 2 to 10 mm. 'I'he results obtained
are summarized in Table 2, and normalized frequency distri-
butions are shown in Figures 10 and 11. In addition, two
samples were taken from the center of cores drilled from the
concrete. These contained 0.05 percent and less than 0.05
percent chloride by weight of concrete, respectively.

Chlorides were found over the whole concrete surface. The
concentrations in samples taken from the upper surface of the
top flanges of the I-beams varied considerably, ranging from
0.05 percent to (.64 percent by weight of cement (Figure 12).
Samples drilled from the sides of the flanges contained between
less than 0.05 percent and 1.00 percent chloride by weight of
cement. The chloride concentrations in the bottom flange
were generally higher than in the top flange. Chlorides were
also found in concrete samples taken from the edge beams;
the concentrations in the inner webs were higher than those
in outer webs.

The profile measurements showed a decrease in concen-
tration with increasing depth from the surface. This demon-
strates that the chlorides had entered the concrete since con-
struction. At some positions they had reached a depth of more
than 30 mm (Figure 13).

Mortar

The mortar was found to consist of a 2:1 mix of sand (95
percent of which passed a 600-pm sieve) and high-alumina
cement. The aggregate was composed of quartz, with smaller
concentrations of quartzite and shell. With one exception the
samples examined were found to be carbonated.

The 24-hour water absorption was measured on three sam-
ples using the method given in BS 812 (10). The results ranged
from 6.1 to 7.3 percent. These values are not unusually high
for mortar. Permeability measurements were made on sam-
ples taken from joints 1/2, 2/3, and 7/8; the results obtained
were 1.36 X 10, 8.7 x 10, and 1.46 X 10 m/sec, respectively.

More than 100 samples were drilled from both I-beam and
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edge beam joints for measurement of chloride concentration.
They were obtained by drilling horizontally into the mortar
at different depths from the deck. The results are summarized
in Table 2, and Figure 11 plots normalized frequency distri-
butions of chloride concentration. Samples were also taken
from the mortar cover over threc anchorages. They contained
0.06 percent, 0.27 percent, and 0.66 percent chloride by weight
of cement, respectively.

The chloride concentrations in samples from I-beam joints
ranged from 0.06 percent to 2.04 percent, with an average of
1.01 percent. Some joints contained high concentrations
throughout, whereas others contained very little (Figure 12).
The edge beam joints contained less chloride, although there
were localized areas of high concentration. There was no
decrease in concentration with increasing depth from the deck
surface, which would have been expected if de-icing salts had
penetrated from above (Figure 14). Indeed, in joints con-
taining large amounts of chioride, the higher concentrations
tended to be nearer the soffit. Horizontal chloride profiles
were also measured (Figure 14). There was no discernible
decrease in concentration with distance from the surface through
the I-beam joints, but there was a decrease in concentration
with distance from the outer surfaces of the two edge beam
joints examined.

Asbestos

Samples of asbestos from around transverse ducts where they
passed through longitudinal joints were examined. Most sam-
ples were moist, and those from around corroded tendons
were rust stained. The pH of water-soluble constituents ranged
from 8.0 to 9.2. Eleven pieces of asbestos were analyzed for
chloride; one was found to contain 0.02 percent chloride by
weight of sample and the rest, 0.01 percent or less (Table 2).

STRUCTURAL ASSESSMENT

A reanalysis of the structure was performed by Travers Mor-
gan and Partners under contract to TRRL. It showed that the
shear capacity was marginally deficient, but the bending capacity
was well below current requirements and may also have been
below contemporary requirements. The soffit was only just
in compression under dead load, and it was in tension under
live load. Thus the joints may have opened under traffic,
encouraging the passage of moisture and oxygen to the ten-
dons, although no evidence of cracking had been observed
during the routine inspections.

CAUSE OF COLLAPSE
Corrosion of Tendons

The prestressing tendons were severely corroded where they
crossed the longitudinal and transverse joints. The structure
collapsed when the sectional area of the tendons had been
reduced to the point where they could no longer carry the
imposed load. The mechanism by which collapse may have
occurred has been discussed elsewhere (4).

Chlorides were the primary cause of corrosion. They were
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found in the surface concrete, transverse joint mortar, asbes-
tos packing, grout at both longitudinal and transverse joints,
corrosion products, and on fracture surfaces. The edge beams
had not collapsed because the tendons had suffered less cor-
rosion than those in the I-beams and, although chlorides were
found in the corrosion products and on wires taken from one
of the edge beams, their concentration in the surrounding
mortar was much lower than in the I-beam mortar.

Source of Chlorides

Only trace amounts of chloride were found in grout from
within the segments, whereas much larger concentrations were

found at the joints. This indicates that it was not present
during construction but had subsequently entered the ducts

where they crossed the joints. There are three possible sources
of chloride:

@ Calcium chloride added to the mix during construction,
@ De-icing salt, and

® Chloride present in the aggregate.

Calcium chloride had not been added to the concrete, but
the high concentration of chloride in the mortar between some
of the I-beam segments suggests that it may have been added
to the mix during construction. This is unlikely since its use
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in high-alumina cement is not recommended and would serve
no useful purpose.

Chlorides were found over the whole concrete surface, and
their concentration decreased with depth from the surface.
This shows that they had diffused in after construction and
almost certainly originated from de-icing salt that had pene-
trated from the deck through the longitudinal joints between
the beams. The higher concentration measured in the concrete
in the inner webs of the edge beams compared with the outer
webs suggests that de-icing salt had also passed through the
joints between the edge beams and the sidewalk slabs.
This percolation of chlorides between the beams accounts for
those found in the asbestos packing and grout at transverse
joints.

The presence of de-icing salt over the entire concrete sur-
face implies that it must also have diffused into the mortar,
and this would have occurred through the webs as well as
from above. The horizontal chloride profiles through the inner
web of an edge beam mortar joint decreased in concentration
with depth from the surface, showing that chlorides had pen-
elrated after construction. Similar profiles were not found
through the I-beam mortar; this may have been because the
webs in these joints were thinner than those in the edge beam
and chlorides were able to penetrate from both sides.

The mortar in some I-beam joints contained a much higher
chloride concentration than the surrounding deck concrete.
This could be attributed to differential permeability. There
were other joints, however, where the chloride concentration
in the mortar was less than surrounding concrete. A possible
explanation is that de-icing salt was not the sole source of
chlorides. For example, it is possible that dune sand was added
to the mix used for the mortar. The evidence is not conclusive,
but dune sand was frequently used in the early 1950s, the
bridge site is only a few miles from the sea, and the aggregate
used for the mortar was found to contain quartz with a few
fragments of shell, which is consistent with the use of dune
sand.

The chloride concentration in dune sand is very variable
depending on its origin and subsequent treatment. Only a
small quantity of sand would have been required, and if this
had been stored on site for some time, most of the chlorides
in the sand at the top of the pile may have been washed away
by the rain. Indeed it is known that severe storms occurred
at the time of construction. This could account for the wide
variations in chloride concentration in the joints. On the other
hand, there was no evidence of chlorides in grout from within
the segments even where sand had been added, and it is likely
that the sand used would have been from the same source as
that used for the mortar. Only six pieces of grout containing
sand were analyzed, however, and they may not have been
a representative sample.

To summarize, while it is possible that dune sand was used,
it is almost certain that most of the chlorides originated from
de-icing salt.

Effect of Chlorides

Although the presence of chlorides is a major cause of cor-
rosion, it is difficult to quantify their effect. Chloride salts are
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present to some extent in most structural concrete, and much
research has been directed at attempting to define a safe
threshold value below which the risk ot corrosion is negligible.
Unfortunately, the threshold value is dependent upon a num-
ber of factors, including the type of cement, cement content,
degree of carbonation, permeability, and the ratio of soluble
to insoluble chloride.

Various limits have heen put on allowable chloride con-
centrations in reinforced concrete. The United Kingdom
Specification for Highway Works (/1) requires that the total
chloride content shall not exceed 0.30 percent by weight of
cement, whereas ACI Committee 201 recommended a limit
of 0.2 percent (12). The latter figure was based on research
done for the Federal Highway Administration (FHWA) and
assumed that 75 percent of the chlorides would be water sol-
uble. Limits for prestressed concrete have been more restric-
tive, and the United Kingdom Specification for Highway Works
gives a limit of 0.1 percent.

In practice the greater the chloride concentration, the greater
the risk of corrosion. Data from a corroded bridge in the
United Kingdom have been analyzed to calculate the number
of times corrosion was associated with a given value of chlo-
ride concentration (/3). It was found that a concentration of
0.2 percent represented a probability of corrosion of less than
10 percent, although it was pointed out that such figures are
likely to vary from bridge to bridge and may also vary with
age.

The chloride concentration at the level of the steel in the
precast units was well below 0.2 percent; this, along with the
good quality of the concrete, suggests a low risk of corrosion,
consistent with the observations. The isolated cases in which
corrosion was observed may have been due to local increases
in chloride concentration or pockets of poor-quality concrete.
The chloride concentration in grout at the I-beam joints was
much higher, ranging from 0.11 percent to 1.91 percent,
although 53 percent of the samples tested contained less than
0.3 percent.

The average chloride concentration (by weight of cement)
of all samples taken from the surface 10 mm of the precast
concrete was 0.31 percent, with a maximum of 1.15 percent.
This is less than has been found on many other bridges in the
United Kingdom. Vassie (13) has recently performed a survey
of the chloride concentration in eight reinforced concrete trunk
road bridges after 50 years’ service. Samples were drilled from
the surface to a depth of 25 mm. The mean chloride concen-
tration in each bridge varied from 0.33 percent to 1.2 percent.
If samples had been drilled to a depth of only 10 mm, the
concentrations would presumably have been considerably
higher. Other investigators have reported chloride concen-
trations in excess of 5 percent (14).

Factors Contributing to Corrosion

The effect of chlorides on corrosion is illustrated in Fig-
ure 15, which shows increasing corrosion as the chloride con-
tent in grout adjacent to the tendons increases. There is con-
siderable scatter on these results, and this is partly because
the chloride content measured is an average value and the
concentration adjacent to the steel may differ from this. In
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addition, there were numerous other factors that contributed
to corrosion, some of which are discussed below:

@ The absence of an in situ deck: This makes it possible
for moisture (as well as chlorides) to enter the segmental joints
and penetrate to the tendons.

® Ineffective waterproofing: The bridge records indicated
that a waterproofing layer was applied during construction,
but this had not prevented the ingress of chlorides into the
concrete. The variation in chloride concentration showed that
its performance varied over the deck.

® Inadequate protection at the transverse joints: The ten-
dons were protected by grout, steel, or cardboard sleeves and
40 to 50 mm of mortar. The mortar was well compacted and
of reasonable quality, but a 40- to 50-mm covering would not
give the same level of protection as good-quality dense con-
crete. It was between a hundred and a thousand times more
permeable, which would make it easier for oxygen and mois-
ture to penetrate to the steel. The use of high-alumina cement
may have exacerbated this effect as porosity increases after
conversion, although the mortar samples tested were only
partially converted. This was illustrated during the vacuum
pressure measurements when it was found that it was difficult
to maintain a vacuum in ducts containing large voids. This
had not been the case during previous work on monolithic
beams (15).

@ Underdesign: It is probable that the segmental joints had
opened under live load, and this may have accelerated further
the passage of moisture and oxygen to the steel, especially at
midspan,

® Inadequate protection at the longitudinal joints: The
squares of asbestos packing were the only protection given to
transverse tendons, and these appeared to act as sponges
soaking up moisture.

@ Carbonation of the grout: Inadequate protection at the
joints resulted in carbonation of the outer surface of the grout.
Corrosion was usually more severe where tendons were pulled
against the sides of the duct and embedded in carbonated
grout.

e Poor grouting: The large voids present in some of the
transverse ducts allowed corrosion at the joints to extend
along the length of the tendon

® The damp environment provided by the river beneath
the structure.

Condition of Structure—Excluding Corrosion

The structure possessed numerous redeeming features. The
concrete in the segments was a good-quality dense material
with no serious defects. The mortar in the transverse joints
was well compacted. Most longitudinal and some of the trans-
verse ducts were well grouted; indeed, the incidence of voids
in the longitudinal ducts examined was less than has been
found in more recent structures (15). With the exception of
partially grouted transverse ducts, wires from within the seg-
ments were in excellent condition. Exposed wires in partially
grouted ducts were covered with a layer of cement paste.
Surface rust was observed on some wires, but this may have
been present since construction. Where cement paste had not
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adhered to the wires, the exposed steel was often in pristine
condition, after more than 30 years in service.

IMPLICATIONS

The absence of visual evidence of corrosion in the form of
cracking and spalling at joints adjacent to grouted ducts is of
major concern. Evidence of corrosion was not visible because
corrosion was localized at the joints. The low level of metal
loss and high density of some of the corrosion products (mag-
netite) would have produced limited expansive forces that
must have been accommodated by the surrounding material.
The absence of such evidence is consistent with the very local-
ized rust staining on the asbestos packing shown on Figure 8.
In partially grouted ducts the corrosion products would not
have produced expansive forces. It would therefore appear
that routine visual inspection is inadequate for detecting cor-
rosion at joints in segmental bridges. Structures at risk could
be identified by checking to determine whether they contain
fcaturcs similar to those on thc Ynys-y-Gwas bridge. For
example:

@ Segmental construction,

e Narrow infilled joints between segments,

@ Absence of a reinforced concrete deck slab,
@ Transverse stressing,

@ Location,

® Regular winter gritting, and

@ Date of construction.

Where structures are identified as being at risk, those tech-
niques that can be used to determine whether the tendons
are corroding should be ascertained. At present this cannot
be done directly, so inspections must take full advantage of
available investigatory techniques for assessing the corrosion
risk. These include measurement of chloride concentration at
and near the joints, load testing to determine whether seg-
ments are opening under load, and drilling holes into ducts
to observe the condition of the tendons. This latter technique
must be used with caution. Other techniques, such as elec-
trode potential and resistivity surveys, that can pravide nseful
information on reinforced structures are less appropriate for
tendons in ducts. They may detect corrosion of adjacent rein-
forcement, although this would not have been the case at
Ynys-y-Gwas. In the longer term, improved inspection and
testing techniques are needed (3,16).

To avoid the occurrence of corrosion problems in the future,
a greater emphasis must be put on the protection given to
prestressing systems in new structures, especially those of
segmental construction. In addition more thought needs to
be given to designing structures in which the tendons can be
inspected.

CONCLUSIONS

The structure collapsed because of corrosion of the tendons
where they crossed the joints. Failure occurred when the sec-
tional area of the steel had been reduced to the point where
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it could no longer carry the imposed load. The bridge had
been regularly inspected, but there had been no evidence of
deterioration before failure.

Chlorides were the primary cause of corrosion. They were
found over the whole concrete surface and in the transverse
joint mortar, asbestos packing, grout at both longitudinal and
transverse joints, corrosion products, and on fracture surfaces
on the tendons. Most chlorides almost certainly originated
from de-icing salt that had penetrated through the longitudinal
joints between the beams. It had diffused into the mortar,
both vertically from the deck and horizontally through the
webs. The concentrations in both the concrete and mortar
were very variable, however, and the high concentrations
throughout some joints indicated that chlorides had been pres-
ent in the aggregate used for the mortar. The bridge site was
near the sea, and dune sand may have been used, although
the evidence is not conclusive.

The maximum chloride concentration in the surface con-
crete was 1.15 percent by weight of cement, and the average
was 0.31 percent. This is lower than has been found in other
structures in the United Kingdom. In addition to the presence
of chlorides, corrosion had been exacerbated by the following:

® Lack of an in situ slab over the beams,

e Ineffective waterproofing,

@ Inadequate protection to the tendons,

® Opening of the segments under live load,

® Poor workmanship, and

® Dampness of the environment over the river.

The concrete in the precast units was a high-strength dense
material with a low permeability to water, and the reinforce-
ment in the units was in good condition. Exposed tendons
within the segments in partially grouted, longitudinal ducts
were covered with a layer of cement paste, and there was no
evidence of corrosion. This shows that where protection against
corrosion is adequate, post-tensioned concrete can provide
long-term durability.

To date no other bridges of similar construction have been
identified in the United Kingdom. It is known, however, that
there are about a hundred segmental bridges without an in
situ deck and possibly many more worldwide. The vulnera-
bility of the tendons to chloride corrosion needs to be assessed.
In the longer term, improved inspection and testing tech-
niques for prestressed structures need to be developed.

At present the advantages of quick and efficient construc-
tion procedures have led to an increase in the number of
segmental bridges being built. The findings reported in this
paper, however, illustrate how vulnerable joints in segmental
construction can be to salt attack; and this must have impli-
cations for modern-day segmental construction. Greater
emphasis is needed on the protection given to prestressing
systems and the design of structures in which tendons can be
inspected.
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Embedded Reference Cells for Use in
Cathodically Protected Concrete

HannaH C. ScHELL, DAaviD G. MANNING, AND FRANK P1aNcA

Reference cells are needed to measure the potential of embed-
ded steel in cathodically protected, reinforced concrete mem-
bers to ensure that the level of protection is neither too high
nor too low. Embedded cells are more convenient than surface
cells where access to the protected surface of the structure is
difficult, and they are essential when potential-controlled rec-
tifiers or remote monitoring systems are being used. This paper
reports the results of a series of laboratory, outdoor exposure
plot, and field tests to evaluate the suitability of candidate
embedded reference cells for use in reinforced concrete. Zinc-
zinc sulfate, silver-silver chloride, molybdenum-molybdenum
oxide, lead-lead oxide cells, and graphite electrodes were eval-
uated. The graphite electrodes were found to be the most stable
with time and the least influenced by changes in temperature
or the chloride content of the concrete. They were also inex-
pensive. The only other cell considered suitable for embedment
in concrete was a silver-silver chloride cell, although this type
of cell was more affected by temperature and chloride content
than was graphite. Large performance variations occurred in
some cells of the same type from different sources.

A reference cell is an electrode of known electrical potential
that can be used to measure the potential of embedded steel.
When the steel is under cathodic protection, an accurate
measurement of its potential is necessary to ensure that it is
neither underprotected nor overprotected. Protection criteria
may be based on absolute potential measurements or on shifts
in potential with time. For exposed concrete surfaces, a sur-
face electrode, such as the copper-copper sulfate cell (CSE),
which has become the standard reference cell used on highway
structures, can be used to measure potentials at different points
on the structure. On decks, however, traffic control is usually
required, and on substructure components, access is often
difficult. Further, so that the cell potential is not influenced
by its proximity to the anode, portions of the anode may have
to be removed to expose the concrete surface, or the reference
cell must be inserted in holes either drilled or cast into the
surface of the structure. In view of the cost and practical
difficulties of making surface measurements, embedded cells
are more convenient. In some cases, such as in systems equipped
with potential-controlled rectifiers or remote-monitoring
capabilities, they are essential.

Unfortunately, the standard copper-copper sulfate elec-
trode is unsuitable for embedding in concrete (because of
leakage and damage by freezing), and a reliable embedded
reference cell is needed. This paper reports data collected by

Ontario Ministry of Transportation, 1201 Wilson Avenue, Downs-
view, Ontario, Canada M3M 1J8. ,

the Ontario Ministry of Transportation on several types of
reference cells in both the laboratory and the field over a
period of about 10 years. Some of the laboratory experiments
were designed to examine specific characteristics of selected
reference cells. Much of the field data was collected in con-
junction with ongoing efforts to monitor the performance of
cathodically protected, reinforced concrete highway struc-
tures, although some installations included several types of
reference cells for the specific purpose of examining the per-
formance of the reference cells under field conditions.

It can be argued that effective cathodic protection systems
that do not include reference cells can be constructed. Such
an approach is consistent with attempts to reduce costs and
simplify cathodic protection systems to increase their use by
highway agencies. Eliminating reference cells is premature,
however; and even if it were feasible, it would compromise
the ability to monitor installations to ensure both effectiveness
and efficiency of the cathodic protection with time. The cur-
rent required to cathodically protect a reinforced concrete
component is determined largely by the amount of steel
receiving current and by two factors that vary with changes
in environmental conditions and with time: the corrosion rate
and the circuit resistance. An arbitrary protective current that
is effective and does not result in overprotection, especially
in complex or unusual structures where it may be difficult to
determine the amount of steel receiving current, has not yet
been defined. Eliminating reference cells prevents monitoring
potential variation in the structure or the effect of seasonal
changes (unless a survey is made with a surface cell). Further,
experience with existing installations has shown that current
demands decrease with time. The use of an arbitrary constant
current could result, at worst, in overprotection or, at best,
in reduced anode life and inefficient power use.

REQUIREMENTS AND TYPES OF REFERENCE
CELLS

The requirements for a good reference electrode have been
defined as follows (1):

1. It should be reversible and follow the Nernst equation
with respect to one reacting species.

2. It should have a stable potential with time.

3. The potential should return to the reversible value after
small currents are passed through the electrolyte.

4. Tt should remain at a constant potential in spite of tem-
perature changes.
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5. It should not introduce any species into the system that
cause adverse effects.

In addition, embedded reference cells for use in reinforced
concrete highway structures need to be rugged enough to be
installed by a contractor and inexpensive. A disadvantage of
embedded cells, compared with surface measurements, is that
they measure the potential of the steel only at the position of
installation. If the cells are inexpensive, however, this dis-
advantage can be reduced by installing several cells at differ-
ent positions in the structure.

It is convenient to divide the types of reference cells avail-
able into three types:

e Metals surrounded by an ion-rich backfill (e.g., zinc-zinc
sulfate and silver-silver chloride);

@ Metals with an oxide film (e.g., molybdenum and lead);
and

e Solid electrodes that behave like a cell when in contact
with concrete (e.g., graphite).

All cells discussed in this paper are installed in the same
manner. First, sufficient concrete is removed from the struc-
ture to allow the cell to be placed adjacent to a reinforcing
bar, parallel and at the same depth. A minimum of concrete
is removed, avoiding disturbance of the concrete immediately
surrounding the steel. Once the cell is in place, the cavity
walls are dampened and the cavity is hard-packed with concrete.

EARLY BRIDGE DECK CATHODIC
PROTECTION SYSTEMS

The Ministry’s first installation of cathodic protection on a
bridge deck occurred in 1974, when three decks were pro-
tected (2). The system used a coke-asphalt anode. The expe-
rience gained from the early installations led to the system
based on conductive bituminous concrete that the Ministry
adopted as a standard rehabilitation procedure in 1978; it is
still used today (3).

The early installations included zinc-zinc sulfate reference
cells, as shown in Figure 1 and made in-house. The original
intention was for the rectifiers to operate under potential
control. A minimum of three cells were installed in each deck.
The cells were used to sense the variation in potential over
the deck. The most suitable cell would be chosen to control
the rectifier, and the remaining two would act as spares to
provide redundancy if the first cell should fail. Experience
showed that the zinc-zinc sulfate cells could not be used to
control the rectifiers because they were not sufficiently stable
with time. In particular, their response to shifts in potential
decreased with time and became erratic in cold weather.

Graphite voltage probes were also included in the early
installations. The probes were embedded in the concrete flush
with the deck surface and in contact with the anode. They
were used to measure the anode voltage at several locations
on the deck surface to ensure an even distribution of voltage.
Comparisons were made between CSE measurements of the
potential of the steel using a cell placed on the deck surface
and voltage measurements on the probes (4). It was found
that the graphite probes were stable and consistent; conse-
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FIGURE 1 A zinc-zinc sulfate reference cell.

quently, a graphite probe was used to control the rectifier.
The remaining probes were used to ensure that the established
protection criterion (an instant-off potential of between 0.80
V and 1.25 V measured on the voltage probe) was satisfied.
The stability of the readings from the voltage probes led to
the idea that graphite may be suitable for use as an embedded
reference cell.

In 1986, an opportunity arose to examine the condition of
zinc-zinc sulfate reference cells and graphite voltage probes
after 10 years in service when joint repairs required the removal
of the surfacing from a deck that had been cathodically pro-
tected in 1976 (5). The zinc-zinc sulfate cells had long since
ceased to be useful because of instability, and the backfill was
found to be deteriorated. In contrast, the graphite voltage
probes showed no deterioration.

SUBSTRUCTURE CATHODIC PROTECTION
FIELD TRIALS

Burlington Bay Skyway Test Site

Overall Observations

Four experimental cathodic protection systems were installed
on the columns of the Burlington Bay Skyway Bridge in 1982,
and four more were added in 1983. Several types of instru-
mentation, including a number of different reference cells,
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were incorporated in the construction to monitor the effec-
tiveness of the cathodic protection. Only zinc-zinc sulfate cells
were used in 1982, but it was recognized that these were not
entirely satisfactory (6). In 1983 a small number of molyb-
denum-molybdenum oxide (7}, silver-silver chloride and lead-
lead oxide cells, and graphite electrodes were installed in
addition to the zinc-zinc sulfate cells. In the remainder of this
paper, these cells are referred to as molybdenum, silver, lead,
graphite, and zinc cells, respectively.

A paper based on data collected through July 1984 (8) noted
that considerable variation occurred in the performance of
the five types of reference cells. The zinc cells showed large
differences between the potentials measured on individual
cells that would have been expected to give similar readings.
Cells in both powered and unpowered areas shifted with time
so that measurements of absolute potential values as a pro-
tection criterion were unreliable. Most of the zinc cells, how-
ever, were consistent and reliable for measuring short-term
potential shifts to determine whether the individual systems
satisfied criteria (—300 mV between static and instant-off
potentials or —100 mV decay from instant-off potential within
4 hours) for effective protection. The molybdenum cells were
more erratic than the zinc cells and became very unstable at
temperatures below 5°C. The silver cells were also erratic
during periods of low temperature, The graphite cells and the
lead cells were more consistent over time and showed little
variation with temperature or changes in the moisture con-
dition of the concrete.

Additional data collected through October 1986 on one of
the systems that contained all five types of cells confirmed
the earlier findings. Except for the zinc cells, however, there
was only one sample of each type of cell. Of the three zinc
cells, two became unreliable after about 1 year; the third
remained stable throughout the 3-year period of observation
and consistently returned to essentially the same static poten-
tial reading during periods when the power was switched off.
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Comparison of Embedded Cell Potentials with
Potentials Measured by a Portable Cell

The same cathodic pratection system was used to monitor the
performance of the embedded reference cells in comparison
with CSE cells placed directly above the embedded cells. The
cathodic protection system consisted of a polymer mesh anode
with a 40-mm-thick covering of shotcrete. Pieces of plastic
tubing were anchored to the concrete surface prior to shot-
creting so the portable cell could be placed in a “well” to the
original concrete surface to eliminate the effect of the anode.

Comparative readings were made by recording the potential
of the embedded cells relative to ground and then placing the
portable cell in the well and measuring its potential relative
to ground. Finally, the potential difference between the por-
table cell and the corresponding embedded cell was measured.
A total of eight sets of readings were made during the 18-
month period after construction. The readings were made
when the power was switched off and when the system was
operating. In the latter case, the power supply was interrupted
momentarily so that the “instant-off” potentials were mca-
sured. Unfortunately, reconstruction of the bridge deck pre-
vented the access to the test sites that was needed to take a
complete set of readings on every occasion.

Table 1 lists the measured potential differences between
each cell and the portable cell and the calculated standard
deviation for each embedded cell for the periods when instant-
off measurements were made. The graphite and lead cells
showed the least variation with respect to the portable cell;
and the silver cell exhibited large fluctuations, although very
limited data are available. Figure 2 compares the potentials
measured on the graphite cell and one of the zinc cells (which
became unstable) with the potentials measured by the por-
table cell at the corresponding locations. The figure shows
the relatively good agreement between the graphite cell and
the portable cell.

TABLE 1 POTENTIAL OF EMBEDDED REFERENCE CELLS RELATIVE TO A PORTABLE COPPER-

COPPER SULFATE CELL

Potential Difference, Cell to CSE, mV
Type of Date and System Status Standard
Embedded Apr. 25 May 30 Jun 12 Jun 14 Sep 07 May 16 Deviation of
Cell 1984 1984 1984 1984 1984 1985 Potential
On On Oon On Oon Oon Difference
(mv)
Zinc (1) 887 828 830 810 825 550 120
Zinc (2) —— 555 680 - 511 540 75
Zinc (3) 598 815 795 645 630 920 128
Graphite 76 148 125 155 9y 190 42
Molybdenum 604 S10 ——— —— 563 770 160
Silver ——— 985 —— — 250 365 395
Lead e 780 v === 884 840 52
Notes:
1. =--- indicates reading not taken because access to location of the cell

restricted temporarily.

2. Negative voltmeter terminal connected to embedded cell.
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FIGURE 2 Comparison of embedded graphite and zinc cells with portable copper-copper sulfate cell

under field conditions.

Although more complete field data comparing embedded
cells and surface cells would be desirable, the procedure is
time-consuming, especially where access is difficult, as in the
case of high piers. Measurements are further complicated by
the presence of a surface anode if wells are not provided to
the original concrete surface.

Effect of Concrete Overcoat on Potential
Measurements

Since many of the Ministry’s substructure cathodic protection
installations consist of a distributed anode with a concrete
overcoat, readings were taken to investigate the validity of
potential measurements made directly on the overcoat. The
readings were taken by placing the portable CSE cell in the
wells installed in the cathodic protection system already
described, and then placing the cell on the shotcrete overcoat
immediately adjacent to the well. Instant-off potentials were
recorded on two occasions when the system was operating at
normal power levels (typically 10 mA/m? of concrete surface)
and on one occasion when the power was switched off.

The instant-off potentials measured on the shotcrete surface
were from 150 mV to 200 mV more negative (i.e., indicating
more protection) than the measurements in the tubes. With
the power off, the surface measurements were an average of
60 mV more negative.

The measurements clearly demonstrate the influence of the
anode on surface potential measurements. This effect is of
particular concern when the performance of cathodic protec-
tion systems relative to an absolute potential criterion is being
evaluated, but it is also important when criteria based on

potential shifts are being used. Two important conclusions
emerge from this test. First, the test confirms the need for a
stable reference electrode that can be permanently embedded
at the level of the steel. Second, it shows that where portable
cells are used, direct access to the concrete in the immediate
vicinity of the steel must be provided.

Measurement of AC Resistance of Cells

An additional means of evaluating the long-term stability of
the reference cells is to measure the AC resistance between
the cell and the reinforcing steel (often referred to as “ground”)
adjacent to it. While such resistance is influenced by changes
in the temperature and moisture condition of the concrete,
these effects are seasonal. Thus, any irreversible changes,
such as deterioration of the cell backfill material or corrosion
of the connecting wire, indicate changes in the reliability of
the cell. Measurements were made over a 2-year period.

The graphite cell displayed the lowest resistance to ground
and exhibited only a seasonal response over the 2-year period.
One of the zinc cells and the lead cell also displayed a pre-
dictable response, although the resistance was higher than
with the graphite cell, presumably because of the smaller size
of the cells. The resistance of the silver cell was very high,
especially in the winter months. The resistance of the molyb-
denum cell fluctuated considerably in a way that could not
be predicted from changes in temperature.

Although additional data are required to establish a normal
range of values for each type of cell, the AC resistance mea-
surements are easy to make and are a useful supplement to
potential measurements in determining whether a cell remains
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FIGURE 3 A graphite electrode.

stable. Such measurements have been made periodically on
subsequent installations to define “normal” values for a stable
cell.

Leslie Street Test Site

Two conductive coating systems, one using conductive paint
and the other using flame-sprayed zinc, were installed on pier
bents at the Leslie Street test site in 1984; a proprietary tita-
nium mesh anode was installed in 1985 (9). Several types of
reference cells were included in the instrumentation used to
evaluate the three systems. Graphite probes, zinc, conductive
polymer, and lead cells were fabricated by the Ministry, and
silver cells were purchased from two commercial sources. Fig-
ure 3 illustrates schematically the graphite electrode. The cost
varied considerably, ranging from $30 Canadian, which is the
approximate commercial cost of the graphite cells, to $400
Canadian for the silver cells.

Initial results confirmed the findings made from measure-
ments at the Burlington test site. The graphite cells and the
lead cells were not only the most stable but also the least
expensive. Although there was confidence that the graphite
cells were consistent from batch to batch, this was not nec-
essarily the case for the lead cells because of the lack of good
quality-control procedures. The conductive polymer cell became
unstable soon after installation and was of no further use.
Mixed results were obtained from the zinc cells; some showed
evidence of deterioration, while others remained stable. The
silver cells became unstable at temperatures below 5°C and
also had the disadvantage of high cost. In view of the dete-
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rioration of the backfill in the zinc cells used at other sites,
concern existed about the long-term durability of the backfill
used with the silver cells. This could not be evaluated, how-
ever, because deterioration of one of the cathodic protection
systems precluded a thorough assessment of the instrumen-
tation. A decision was made to augment field experience by
testing selected cells under more controlled conditions.

TESTING UNDER CONTROLLED CONDITIONS

Laboratory and exposure plot studies of the performance of
reference cells were carried out by Ministry staff and, through
a research contract, under exposure plot conditions at a facil-
ity in Virginia.

Ministry of Transportation Tests
Exposure Plot Testing

Tests were performed between 1984 and 1986 using small
concrete specimens containing embedded reference cells, which
were exposed first under laboratory conditions and later in
an outdoor environment. Four types of reference cells were
fabricated in the Ministry’s laboratories (graphite, lead,
molybdenum, and zinc); molybdenum cells were also pur-
chased commercially. Two cells of each type were included
in the study.

The cells were placed adjacent to reinforcing bars cast in
the specimens, as illustrated in Figure 4. Wells were con-
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structed using plastic tubing positioned over the reinforcing
bars and close to the embedded cells to allow potential mea-
surements using a portable CSE cell. The potential of the
steel was measured using the embedded cells and the portable
(external) cell. The potential difference between the embed-
ded cells and the external cell was measured by placing the
external cell on the surface of the concrete directly above
each embedded cell in turn.

Measurements were made during 4 months in the labora-
tory, followed by 2 years in the exposure plot. During the
winter, when cold temperatures prevented the use of a por-
table cell, the potentials measured by the embedded cells were
recorded periodically using a remote data logger.

The stability of the cells was evaluated by calculating the
standard deviations of the cell-to-rebar potential with time.
The results are shown in Table 2 for three exposure periods:
the initial 4 months in the laboratory and two 5-month periods
corresponding to the spring and summer of each year in the
outdoor exposure plot.

The graphite cells consistently displayed the lowest stan-
dard deviation throughout the evaluation period. Individual
lead, zinc, and molybdenum cells that displayed good per-
formance in the laboratory and during the first year of outdoor
exposure became unstable during the second year, and poten-
tial measurements fluctuated widely. Table 2 also includes the
standard deviation of the potentials measured by the copper-
copper sulfate cell for purposes of comparison.

The cold weather performance of reference cells was of
particular interest in view of the Ontario climate and the need
for year-round reliability of instrumentation used to monitor
and control installations of cathodic protection. Readings taken
during a 5-day period beginning February 7, 1985, are shown
for the two samples of each cell in Figures 5a and 5b. The
standard deviation of the readings during the period is pro-
vided in Table 3. Concrete temperatures recorded during the
period were consistently lower than 0°C, and the lowest tem-
perature recorded was —18°C. Another set of readings was
made over a 5-day period of cool weather beginning March
21, 1985. During this period, the average concrete tempera-

TABLE 2 STANDARD DEVIATION OF CELL-TO-REBAR POTENTIAL READINGS

Cell Indoor Exposure Outdoor Exposure
Type Year 1 Year 2
(16 weeks) (22 weeks) (22 weeks)
#1 #2 #1 #2 #1 #2
Lead 28 50 161 27 125 243
Zinc 72 63 73 48 178 92
Graphite 25 30 28 25 10 21
Molybdenum (1) 72 47 34 58 23 78
Molybdenum (2) 78 43 38 50 16 140
Copper—-Copper Sulfate 35 59 43 43 15 23
(on concrete surface)

Notes:

1.
2.

Molybdenum (2) cells were purchased commercially.
All values are in millivolts.
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FIGURE 5 Cell performance in cold weather, February 7, 1985: (a)
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TABLE 3 STANDARD DEVIATIONS OF CELL-TO-REBAK
POTENTIAL READINGS DURING COLD AND COOL WEATHER
INVESTIGATIONS

Cell Test Period Beginning
Type February 7, 1985 March 2, 1987
#1 #2 #1 #2
Lead 21 27 27 16
Zinc 175 181 167 129
Graphite 7 4 5 5
Molybdenum (1) 7 48 14 45
Molybdenum (2) 35 23 4 5

Notes:
1. Molybdenum (2) cells were purchased commercially.
2. All values are in millivolts.
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(b) cell 2.

ture was 3°C, and the range was from —5°C to 14°C. Results
appear in Figures 6a and 6b, and Table 3 provides the standard
deviations.

The zinc cells were most affected by periods of low tem-
perature, probably because of effects on the backfill material
that resulted in poor contact between the zinc and the backfill.
Lead cells and the laboratory-made molybdenum cells also
fluctuated with low temperatures. Although the fluctuations
were less severe than those of the zinc cells, these cells would
not be suitable for use with a potential-controlled rectifier.
The graphite cells had the lowest standard deviation and showed
very little response to changes in temperature.

An indication of an acceptable standard deviation for a
reference cell can be obtained by considering a rectifier
under potential control and a protection criterion of, for
example, —770 mV to —1100 mV (CSE). If the rectifier is
adjusted to the midpoint of the band (—935 mV), the ref-

erence cell could shift by 165 mV before the protection cri-
terion was violated. If the cell output is assumed to follow a
normal distribution and acceptable readings are defined as
those within three standard deviations of the mean (i.e., a
99.74 percent chance of satisfying the protection criterion),
then the reference cell must have a standard deviation no
greater than 55 mV.

The results of these experiments increased confidence in
the ability of the graphite cells to provide stable, long-term
performance. The zinc cells clearly were unsuitable in the
form used. Variations between the individual samples of the
lead cells and molybdenum cells made in the laboratory indi-
cated that if the cells were to be used, the effect of various
aspects of the manufacturing process (particularly the rate of
cooling) on cell performance would have to be investigated
fully, and rigorous quality control procedures would have to
be implemented.
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FIGURE 7 Micropolarization tests on selected reference cells.

Micropolarization Tests

Another series of laboratory tests was performed to investi-
gate the reversibility of reference cells. This is important because
reference cells embedded in cathodically protected, rein-
forced concrete must respond consistently to changes in steel
potential, even after repeated changes in power levels. To
investigate this effect, a micropolarization technique was used
(10) that involved repeated application of very small positive
and negative currents to a reference cell and measurement of
the resulfing potential.

Figure 7 presents a plot of micropolarization tests per-
formed on four reference cells. A maximum potential shift of
+10 mV was applied, and the scan rate was 1 mV/second.
The calomel cell showed no hysteresis effects, which is the
behavior expected of an ideal cell. The copper-copper sullate
cell exhibited some hysteresis; the graphite cell and an exper-
imental titanium cell showed progressively greater hysteresis.
As expected, the calomel and copper-copper sulfate cells, the
standard portable reference cells for laboratory and field stud-
ies, respectively, performed well. It appears that the penalty
to be paid for more rugged cells that are suitable for per-
manent embedment in concrete may be a greater departure
from idealized behavior. In addition to providing information
on the characteristics of different types of cells and the screen-
ing of new reference cells, micropolarization tests may prove
to be useful in a routine quality assurance system for reference
cells.

Although the graphite cells have performed well in con-
crete, use of these cells has been questioned because the ionic
species involved is uncertain and cell reactions may be influ-
enced by the composition of the concrete porewater surround-
ing the cell. To investigate these effects, laboratory studies
have been initiated to examine the long-term performance of
graphite cells in different solutions. Cells have been placed

sequentially in distilled water and solutions of calcium hydrox-
ide and calcium hydroxide plus different concentrations of
sodium chloride. Study is continuing.

Other Exposure Plot Tests

Following initiation of the small-scale internal study of lab-
oratory and exposure plot testing, a more comprehensive study
was begun in 1984, by means of a research contract, to inves-
tigate the suitability of embedded reference cells for moni

toring and controlling cathodic protection systems on rein-
forced concrete structures. All types of reference cells available
commercially or made by the Ministry when the study began
were included. Eight different cells were tested: two zinc-zinc
sulfate cells, one graphite electrode, two silver-silver chloride
cells, one lead cell, and two molybdenum-molybdenum oxide
cells.

Specimens measuring 600 mm X 300 mm X 150 mm thick
were made from two types of concrete: one salt-free and the
other containing 0.30 percent chloride ion by mass of con-
crete. Each specimen contained two identical reference cells,
short lengths of platinized niobium wire, reinforcing steel,
and a thermocouple, as shown in Figure 8.

After curing, the specimens were stored in an outdoor expo-
sure site in Virginia. The following measurements were made
periodically over a period of 20 months:

® Potential of each embedded cell relative to the embedded
reinforcing steel,

e Potential difference between each embedded cell and a
portable cell (calomel and CSE) placed on the concrete sur-
face immediately over each embedded cell;

@ Potential of each embedded cell relative to the platinum
wire;
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e AC resistance of each embedded cell to the embedded
steel and platinum; and
e Concrete temperature.

The concrete temperatures during data collection ranged from
—1°C to 43°C. The data are available in the final report on
the project (11); the most meaningful data are summarized
in Table 4.

Both the laboratory and commercial zinc cells were found
to be unstable. The standard deviation of the laboratory cells
was approximately 100 mV. The standard deviation of the
commercial zinc cells ranged from 94 mV to 207 mV, and the
AC resistance in the salt-laden concrete was extremely high
throughout most of the test period.

The four lead cells also had a standard deviation exceeding
100 mV. The cells were relatively stable during the first 300
days after the slabs were fabricated, but the readings became
erratic for the rest of the test period.

The molybdenum cells from both commercial sources were
judged to be unacceptably unstable. The cells from the first
source underwent significant potential shifts during the first
150 days after embedment but subsequently became more
stable. The standard deviation of the potential difference var-
ied from 63 mV to 82 mV. The standard deviation of the
potential difference of the cells from the second source ranged
from 37 mV to 129 mV. These cells were relatively stable in
the salt-free concrete for the first 300 days, after which one
cell became very unstable. On the other hand, in the salt-
laden concrete, the cells were very unstable during the first
150 days, and there were significant differences between the
two cells throughout the remainder of the test period. The
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AC resistance of the cells from both sources was relatively
low.

The silver cells from both commercial sources performed
quite well, although the AC resistance of the cells from one
of the sources was high, and this could create difficulties if
they were used in conjunction with a potential-controlled rec-
tifier. The average potential differences of the cells from the
second source versus CSE were —45 mV and —26 mV in
salt-free concrete, but 31 mV and 20 mV in concrete con-
taining salt. The standard deviation of the potential difference
ranged from 22 mV to 52 mV. Although the cells were stable,
the measured potential was found to depend quite heavily on
the chloride content of the surrounding concrete.

The graphite cells were the most stable cells tested. The
average potential differences of the four cells with respect to
the CSE electrode were —8 mV and —15 mV in salt-free
concrete and 8 mV and 8 mV in salt-laden concrete. The
standard deviation of the potential difference ranged from 27
mV to 50 mV, and AC resistance between the cells and the
reinforcing steel was low.

The results showed that many of the cells available when the
study began were unsuitable for the control and long-term mon-
itoring of cathodic protection installations. Not only were the
graphite cells the most stable, they also required no special
backfill material and were inexpensive. The study reported that
the potential difference to the CSE was small, meaning that
potentials measured with the graphite cells and with the copper-
copper sulfate half-cells could be used interchangeably. Much
larger differences were recorded, however, in the Ministry tests
reported in Table 1. The sources of the graphite used in the
two series of tests were not the same; and until the effect of the
grade and type of graphite is better documented, graphite elec-
trodes should not be used without calibration. Despite the good
performance, the average standard deviation relative to a cali-
brated CSE of the four graphite cells over 20 months was 40
mV. Consequently, the cells need periodic recalibration if they
are used with cathodic protection systems for which the pro-
tection criterion is based on an absolute measurement of poten-
tial. They are well suited, however, for use with systems that
have a criterion based on potential shifts.

The next most stable cells were the low-resistance silver
cells. Their performance was similar to that of the graphite
probes, but they were more strongly affected by the chloride
content of the surrounding concrete. Since the standard devia-
tions of the potential difference were lower in salt-free con-
crete than in salt-laden concrete, it was concluded that the
common practice of surrounding the cells with a backfill of
chloride-bearing concrete or mortar provided no benefit.

The study judged all the other cells to be unacceptably
unstable. It must also be noted, however, that the lowest
temperature recorded during the study was —1°C. Measure-
ments taken by Ministry staff have shown that silver-silver
chloride cells have consistently exhibited erratic behavior at
colder temperatures.

CURRENT AND FUTURE MINISTRY
ACTIVITIES

Embedded graphite reference electrodes have been installed
in the Ministry’s most recent deck cathodic protection sys-
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TABLE 4 SUMMARY OF RESULTS OF EXPOSURE PLOT TESTING IN VIRGINIA

Cell Average Pot., Diff. Standard Dev. Averaqge AC
Cell-to-CSE, mV of Pot. Diff., mV Res. to Pt., kQ
#1 #2 #1 #2 #1 #2
Salt-Free Concrete
Zinc (L) 728 523 108 103 1.7 1.8
Zinc (C) 566 568 94 129 2:5 2i5
Lead (L) 640 540 130 267 243 245
Graphite (L) -8 -15 27 35 1.6 1.5
Silver (C) -45 =26 43 32 58.9 45.5
Silver (C) =55 ~54 22 36 L.i6 1.6
Molybdenum (C) 202 165 82 63 3.7 3.8
Molybdenum (C) 451 375 37 129 3.5 3.7
Concrete Containing Salt
Zinc (L) 718 659 130 117 " 2.0
Zinc (C) 435 546 173 207 279 231
|Lead (L) 581 646 142 238 2.2 e
Graphite (L) 8 8 50 47 143 13
Silver (C) 8 12 41 51 212 29,7
Silver (C) 31 20 52 42 1.7 L)
Molybdenum (C) 191 196 66 70 3wl 2.9
Molybdenum (C) 203 277 120 112 5.8 4.6
Notes:

1. L ~ Cells made in Ministry laboratories.

C - Cells purchased commercially.

indicates different sources.

More than one cell of each type

2. Negative voltmeter terminal connected to embedded cell.

tems. Measurements are being taken to correlate readings
from the embedded cells with those from the voltage probes
on the concrete surface in contact with the conductive bitu-
minous concrete. A considerable quantity of data has been
collected on the surface probes aver a period of 12 years, and
the protection criterion of —0.80 V to —1.25 V is based on
measurements made on the voltage probe. This testing is
intended to ensure that any reference-cell-based criterion
adopted for decks will result in protection that is equivalent
to that supplicd by using the cxisting criterion. It is also meant
to ensure that the criterion of 100 mV depolarization in 4
hours, which has been adopted for substructure installation,
is consistent with the criterion for decks. Although only two
sets of data have been recorded, initial results are encour-
aging. Both the criteria based on voltage probe potentials and
those based on reference cell depolarization were satisfied,
but the reference cell measurements exhibit greater variation
than do the probe measurements. Additional data will be
collected as part of the regular monitoring program for cath-
odically protected decks.

Two reference cells manufactured in the United Kingdom
are now being evaluated in the laboratory and the field. One
is a silver-silver chloride cell that has been reported to be
very stable and to have performed well under field conditions
(12). The second cell is an experimental, titanium-based cell.

A university research contract to investigate hydrogen
embrittlement in prestressed concrete elements has resulted
in the development of very small graphite electrodes that
should permit potential measurements at very precise loca-

tions. If successful under laboratory conditions, these elec-
trodes will also be evaluated in the ficld.

CONCLIIDING REMARKS

A series of measurements from laboratory, exposure plot,
and field tests has identified graphite electrodes as the most
suitable kind for use as a reference cell embedded in concrete.
Graphite electrodes have been shown to be stable under con-
ditions of changing temperature and to be only slightly influ-
enced by the chloride content of the concrete.

Further, the electrodes are inexpensive and the potentials
measured are sufficiently close to the potentials relative to a
standard copper-copper sulfate cell that the values can be used
interchangeably.

The only other cell tested that was found suitable for use
in reinforced concrete was a commercial silver-silver chloride
cell. That cell, however, was evaluated only at temperatures
of —1°C and more and was found to be quite strongly influ-
enced by the chloride content of the concrete. Other silver-
silver chloride cells exhibited unacceptably high resistance in
concrete containing chlorides and became unstable at tem-
peratures below freezing.

Graphite probes, despite their several advantages, cannot
be considered the ideal reference cell for use in concrete.
They are not perfectly reversible, and questions remain with
respect to the reactions involved and the extent to which those
reactions are influenced by ions present in concrete. Further,
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the standard deviation of potential measurements made with
respect to a standard surface electrode indicated that graphite
electrodes are better suited for use in conjunction with pro-
tection criteria based on potential shift rather than on absolute
potentials unless they are calibrated periodically. Conse-
quently, graphite electrodes are being installed and evaluated
at the same time that the suitability of other reference cells
is being evaluated.
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Verification of Composite Behavior of a
Precast Decked Simple Span

RoOBERTO A. OSEGUEDA, JaMES S. NOEL, AND JOHN J. PANAK

This paper documents the reconstruction of a simple span
bridge redecked with full-depth, full-width precast concrete
panels connected to act in a composite way with supporting
stringers. It also reports the results of full-scale load tests and
of an analysis conducted to evaluate the composite behavior
of the precast decked span. Eight precast concrete panels, each
6 ft 3in. x 45 ft X 8 in. thick, were used to form the deck.
The panels were cast with holes and positioned on top of sup-
porting stringers with bearing pads measuring 2 in. X
6 in. X 1 in. thick. Steel stud connectors were welded to the
top flanges through the holes. Keyways between adjacent panels
and deck-stringer gaps were sealed to retain epoxy mortar that
was poured through the deck openings. The panels were placed
in an operation lasting about 5 hours. Welding the studs, seal-
ing the connections, and pouring the epoxy mortar took about
20 hours. Full-scale load tests were conducted on the redecked
span by placing a 13-ton vehicle at different locations while
live-load deflections were recorded. A full-composite, finite
element mode! of the bridge was used to correlate the measured
deflections. The comparison of measured and full-composite
deflections of the model indicates that the span behaves in a
full-composite manner.

One recent innovation in the rehabilitation of deteriorated
decks is the use of precast concrete panels that are placed
transversely on steel stringers (/-6). The recent reconstruc-
tion of the Woodrow Wilson Memorial Bridge demonstrated
how the use of precast panels minimizes traffic interference
(5). The deck of the six-lane, 5,900-ft-long bridge was replaced
in a period of 12 months without the flow of traffic being
stopped (5,6); the bulk of the work was done in 10-hour night
shifts in which portions of the old deck were removed and
replaced with panels that were connected using a high-early-
strength grouting material. This material developed a com-
pressive strength of 4,000 psi in one hour and allowed for all
six traffic lanes to be open during the daytime (5).

In the precast method, the panels are connected to each
other and to the supporting beams to form a monolithic deck.
Shear and normal force transfer between panels is usually
accomplished with grouted keyways (1,2,4,6). Proper vertical
alignment and uniform bearing on the beam floor have been
obtained by placing a bed of thick mortar before setting the
panels (Z), by using bearing pads and placing the grout after

R. A. Osegueda, Civil Engineering Department, University of Texas
at El Paso, El Paso, Tex. 79968. J. S. Noel, Civil Engineering Depart-
ment, Texas A&M University, College Station, Tex. 77843.
J. J. Panak, Bridge Division, Texas State Department of Highways
and Public Transportation, 11th and Brazos, Austin, Tex. 78701.

setting the panels (4), or by using bolt-leveling panel supports
that are adjusted while the mortar bed is being placed (3).

Connection details for assuring composite action between
the precast deck and the stringer floor were originally reported
elsewhere (7) and first used in the experimental reconstruction
of two bridges by the New York Thruway Authority (3).
These details included stud or channel connectors welded to
the top flanges or friction bolts attached to the flanges through
field-perforated holes. The connectors were typically placed
through block-out holes after the panels were set. The holes
were subsequently filled with a nonshrinking grout or epoxy
mortar. These experimental bridges have been in service for
about 14 years, and no major problems have been reported
3.

Following the efforts of the New York Thruway Authority,
precast decked bridges have now been built in Alabama, Cal-
ifornia, Indiana, Maryland, Massachusetts, New York, Penn-
sylvania, Virginia, and West Virginia (6). Most of these bridges
have a common element: they include grout or epoxy mortar
placed at the precast deck-stringer gaps, at the shear keyways
between panels, and at the holes around shear connectors or
tie anchors.

One of the key questions about such bridges is whether
composite action is being achieved and, if it is, what the extent
is of the precast deck-stringer interaction.

In recent laboratory studies, a one-third-scale model of a
60-ft-long, simple span bridge was built and tested under static
and repetitive loadings (7-9). The model was first subjected
to static HS-20 service loads (7). It was concluded that, at
these loads, the horizontal shear for composite action between
the precast deck and the stringers is mostly transferred by the
cured mortar. Then, in an effort to study the influence of
highway loads on the epoxy-mortar connections, 2 million
cycles of equivalent HS-20 truck loads were applied to the
model (8). No changes in the composite sectional properties
occurred. Finally, the model was loaded to its ultimate flexural
capacity (9); the adhesive bond in the deck-stringer gaps held
up to 95 percent of the full-composite flexural capacity but
failed in a brittle manner. After the bond failure, the shear
connectors began to take loads and the system behaved in a
ductile mode. These laboratory efforts culminated in the pre-
cast redecking of a simple span of the SPUR 326 overpass
over the AT&SF Railroad in downtown Lubbock, Texas.

This paper serves two objectives: (1) to report the con-
struction and installation procedures of the precast deck of a
50-ft simple span of the SPUR 326 bridge and (2) to evaluate
the degree of composite interaction achieved between the
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precast deck and stringers by analyzing results of full-scale
load tests. The composite interaction is evaluated by com-
paring measured deflections to values obtained from a full-
composite finite element model of the span.

DESCRIPTION AND HISTORY OF THE
BRIDGE

The original SPUR 326 bridge consisted of two separate
structures. Each structure contained two lanes of traffic and
had a length of 545 ft divided into three parts: a S0-ft simple
span, a four-span 290-ft continuous unit, and a three-span
205-ft continuous unit. The structures had been built in 1958
and included a 33-ft-wide, 6'»-in.-thick concrete slab sup-
ported on four longitudinal steel stringers. In 1968, because
the deck was deteriorating, the bridge was redecked with a
7%-in. slab. Other modifications, such as the addition of shear
connectors and cover plates, resulted from the increase in
dead load.

During late 1986 and 1987, justified by signs of early dete-
rioration and the need to widen the roadway to accommodate
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increasing traffic volume, a second rehabilitation was per-
formed on the bridge. The slab width and thickness were
increased, respectively, to 45 ft and 8 in. This resulted in the
addition of two outer beams at each of the structures. Figure
1 shows a plan view of the bridge.

The 50-ft span of the west structure was redecked using
full-depth precast concrete panels; the rest of the bridge was
redecked using cast-in-place concrete. A favorable aspect of
this bridge, from the research point of view, is that the precast
span is a mirror image of the cast-in-place simple span on the
east structure. Side-by-side, long-term comparisons of the
integrity of both decks will provide valuable data because both
decks will be subjected to about the same loading and envi-
ronmental conditions.

DESCRIPTION OF PRECAST DECKED SPAN

The precast decked span was designed in accordance with the
AASHTO Specifications for Highway Bridges (/0) and con-
sisted of eight full-depth, full-width panels connected to six
stringers, as shown in Figures 2 and 3. Four existing stringers,
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FIGURE 1 Plan view of SPUR 326 Bridge.
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FIGURE 2 Plan view of precast decked span.
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FIGURE 3 Transverse cross section of precast decked span.
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FIGURE 4 Precast panel details: top, plan view; middle, side view; and

bottom, block-out hole.

old standard 36WF150 sections (II), are spaced 8 ft apart;
two new beams, W36x135 sections (12), are spaced 7 ft apart
from the outermost existing stringers.

Figure 4 shows the panel details. The panels were 8 in.
thick, 44 ft 11'% in. wide, and 6 ft 3 in. long. Each panel
included three block-out holes per stringer to accommodate
stud connectors. The transverse sides of the panels were grooved
so that the keyway shown in Figure 5 was formed between
two panels.

The panels were designed to be seated temporarily on the
longitudinal beams at two locations at each beam through
neoprene-bearing pads, as shown in Figure 5. Because the
panels and the beams were flexible, control of bending stresses
was necessary. This was accomplished by limiting the size of
the pads and using a 50-durometer material. Keeping in mind
a maximum of % in. of tolerance in pad grading, the elastic
support supplied to the panels by the pads was designed to
create not more than 200 psi of bending stress. This analysis
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FIGURE 6 Typical shear connector details.

was performed by considering the panels as elastic members
supported on discrete elastic supports at each pad location.
The designed dimensions of the pads were 2 in. X 6 in. X
1 in. thick. The pads were designed to compress by ¥ in.
after the panels were placed. This was verified during panel
placement.

The gaps formed between the panels and the beams and
the deck openings were filled with epoxy mortar obtained by
mixing a minimum of three parts of dry sand to one part of
epoxy, by weight.

D

Three shear connectors, % in. in diameter by 6 in. long,
were designed to fit in each opening and to be welded to the
top flanges after the panels were seated. Figure 6 shows the
shear connector details. Sheet metal angles were tack-welded
to the compression flanges to retain the mortar within the
deck-stringer gaps.

CONSTRUCTION AND DECK INSTALLATION
PROCEDURES

The panels were fabricated in sets of three at a casting bed
constructed next to the span (Figure 7). They were allowed
to cure for 10 days before they were moved by a crane using
a four-point pickup arrangement (Figure 8, fop). The panels
were temporarily stored in an adjacent lot and supported using
a similar four-point arrangement (Figure 8, bottom). Eleva-
tions at points of the casting bed corresponding to the bearing
points of the panels at the beams were recorded for later
matching with beam elevations.

After new abutments and bent caps were completed, the
new beams were positioned and braced at the ends and at the
midspan. The removal of the deck and existing shear con-
nectors proceeded, and the top flanges were left bare and
clean. The bearing pads were subsequently placed on top of
shim plates designed to correct for differences in beam ele-
vations and to provide the grading for the proper crown and
vertical curve of the roadway (Figure 9).

During placement of the panels, two cranes were used. The
stationary one was used to place the panels on the supporting
beams, and the other one moved the panels from the storage
lot to within reach of the stationary crane.

To ensure a uniform distribution of the weight of each panel
on all its bearing pad supports, beam elevations were again
recorded at the bearing points just prior to placing the panel;
they were later compared to those taken at the corresponding
points of the casting bed. The shims were then readjusted to
minimize distortions of the panel with respect to its original
casting elevations. The compression of the pads was measured
after the panels were placed, and the pad grading was found
to be within the Ys-in. tolerance specified in the design.

All panels were positioned on the beams during a lapse
time of 5 hours. Figure 10 shows a panel being positioned,

FIGURE 7 Casting bed located next to bridge.
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FIGURE 8 Top, four-point pickup and bottom, temporary
support arrangements of precast panels.

FIGURE 11 View from under the bridge after all panels were
placed.

FIGURE 9 Typical bearing pad and shims.

and Figure 11 shows a view from under the bridge after all
the panels were placed. Studs were welded through the holes,
the sheet metal angles were installed, and the keyways were
sealed with wood strips.

The epoxy was then mixed in five-gallon containers with
preweighed dry sand, using large drills that had mixing pad-
dles attached. The mortar was poured through the holes until
the deck-stringer gaps and the holes were completely filled
(Figure 12). The keyways were later filled with the help of
trapezoidal funnels.

Welding the studs, installing the sheet metal angles, and
placing the mortar took about 20 hours to complete. Samples
of the mortar were tested at 7 days, and all exhibited com-

" - ; FIGURE 12 Pouring the epoxy mortar through the block-out
pressive strengths in excess of 7,000 psi. holes.
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EXPERIMENTAL PROCEDURE AND RESULTS

Full-scale load tests were performed about 45 days after instal-
lation of the precast deck was completed. The tests consisted
of placing a loading vehicle at different locations on the bridge
while the live-load deflections were recorded at several points.

The loading vehicle consisted of a dump truck-type Chev-
rolet V8-60 with a gross weight of 25,940 Ib.: 6,820 Ib. on the
front axle and 19,120 lb. on the rear axle. The truck and its
axle and wheel spacings are shown in Figure 13.

Specially designed devices were made so that deflections
could be measured with respect to the riprap directly below
the points of measurements. A schematic and a photograph
of a typical device are shown in Figure 14. Each device con-
sisted of piano wire, plates, a turnbuckle, soft springs, and a
dial indicator. The turnbuckle was employed for pretension-
ing the device to about a “:-in. extension. The concepts of
this device are as follows. Deflections at the stringers are
reflected by vertical movements of the middle plate; these,
in turn, are indicated by the dial gage. If the system is linear,
the deflections are proportional to the indicated measure-
ments. If the piano wire is much stiffer than the springs, the
constant of proportionality is near 1. A similar arrangement
was set up inside the laboratory, and the length of the wire
was varied from 5 to 25 ft. Indicated measurements at the

6,820 Ib

FIGURE 13 Loading vehicle. Top, wheel distribution and axle
loads and bottom, photograph of vehicle.
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FIGURE 14 Typical deflection measuring device.
Top, schematic and bottom, view of installed device.

bottom exhibited a maximum of 2 percent error with respect
to induced deflections at the top when the wire was 25 ft long.
Therefore, the use of calibration factors in the field was judged
impractical.

Figure 15 illustrates the points of deflection measurements.
The devices were installed at six midspan locations (Stations
1-6) and at five south-quarter points (Stations 7-11). Only
the south-half span was instrumented because of symmetry
about the midspan. Because the beams were seated on 2%
in.-thick neoprene pads, Stations 12 and 13 were used to
measure the neoprene deformations while the right wheel of
the rear axle was placed on top of Station 12 and the left
wheel of the same axle was 1 ft 6 in. west of Station 13. From
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FIGURE 16 Position of vehicle for loadings L2N, L4N, and L6N.

the recorded deformations and estimated reactions at Stations
12 and 13, an average support spring modulus of 5,500 K/in.
was found. This value was assumed to be representative of
all beam supports and was used in the analytical model of the
span.

Six primary loading conditions were applied to maximize
the bending moments at the midspan of Beams 2, 4, and 6.
In loadings L2N, L4N, and L6N (Figure 16), the truck was
positioned facing north. Meanwhile, in loadings L2S, L4S,
and L6S (Figure 17), the vehicle was placed facing south. The
N- and S-series loadings are mirror images of each other about

the midspan. Because the bridge is symmetric about the mid-
span, the deflections of the north-quarter points can be
extrapolated from the measured values at the south-quarter
points (Stations 7-11) by reversing the vehicle with respect
to the midspan. Consequently, complete deflection profiles
were obtained for three of the loadings.

The procedure for recording deflections was as follows.
First, the dial gages were set to zero while the span was
unloaded. Second, the truck was moved into position. Third,
the deflection readings were recorded. And last, the vehicle
was removed from the span, and the dial gages were reset for
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TABLE 1 DEFLECTION MEASUREMENTS

Measured Deflection (inches)

Loading
Station® L2N L2S LAN Lds L6N L6S
1 .026  .025  .002  .000  .000 —.002
2 .044  .043  .010  .010  .000 -.001
3 .042  .042  .023 .02  .003  .002
4 .021  .020  .045  ,045  .018  .016
5 .008  .006 .039  .040  .053  .049
6 -.002 -.003  .020 .021  .073  .073
7 .0169 .0169 .0011 -.0003 .0000 -—.0005
8 .028  .030  .018  .019 .00l  .003
9 .014  .015  .029  .031  .012  .012
10 .004  .004  .025  .027  .030  .030
11 -.001 -.002 .014 .014  .049  ,051

a) For location of station see Figure 15

the next loading. Thereafter, the same procedure was repeated
for each truck position.

The recorded deflections for the six loadings are listed in
Table 1. The deflections at the north-quarter points were then
inferred for the N-series loadings and are listed in Table 2.
The midspan deflections are the average values of the cor-
responding loading series.

FULL-COMPOSITE MODEL OF SPAN

To ascertain the degree of composite interaction between the
precast concrete deck and the stringers, the measured deflec-
tions are compared to deflections obtained from a finite ele-
ment model of the full-composite bridge. The computer pro-
gram SLAB49 (13) was used.
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TABLE 2 BEAM DEFLECTIONS FOR LOADINGS L2N,
L4N, AND L6N

Deflection (inches)

Beam Location L2N LAN L6N
1 sgp? 0.0169  0.0011  0.0000
1 MSP 0.0256  0.0010  -0.0010
1 NQP 0.0169 -0.0003 —0.0005
2 SQP N/A N/A N/A
2 MSP 0.0435  0.0100 -0.0005
2 NQP N/A N/A N/A
3 SQP 0.0280  0.0180  0.0010
3 MSP 0.0420  0.0235  0.0025
3 NQP 0.0300  0.0190  0.0030
4 SQP 0.0140  0.0290  0.0120
4 MSP 0.0205  0.0450  0.0170
4 NQP 0.0150  0.0310  0.0120
5 SQP 0.0040  0.0250  0.0300
5 MSP 0.0070  0.0395  0.0510
5 NQP 0.0040  0.0270  0.0300
6 sQP -0.0010  0.0140  0.0490
6 MSP -0.0025  0.0205  0.0730
6 NQP -0.0020  0.0140  0,0510

a) SQP = South Quarter Point, MSP = Midspan, and

NQP = North Quarter Point

The concrete’s elastic properties were determined from seven
cylindrical samples taken while the panels were being cast.
The samples were tested during the time of the load tests.
From the initial portion of recorded stress-strain curves, an
elastic modulus was calculated for each sample. An average
value of 3,900 ksi was determined; the minimum and maxi-
mum values were 3,650 ksi and 4,100 ksi, respectively. The
average concrete elastic modulus and a Poisson’s ratio of 0.2
were assumed to be representative of all panels. An elastic
modulus of 29,000 ksi was assumed for the steel stringers.

The longitudinal composite cross-sectional properties were
computed using the transformed area method. A full, effec-
tive slab width and a deck-stringer gap dimension of 1.75 in.
were assumed for these calculations. The composite sectional
properties for the six stringers are listed in Table 3.

The finite element model was built by specifying a rectan-
gular grid with 45 transverse and 40 longitudinal intervals.

TRANSPORTATION RESEARCH RECORD 1211

TABLE 3 PROPERTIES OF FULL-
COMPOSITE SECTIONS

Steel Effective IS e

Beam Section Slab width
(in.) (in.%)
1 W36x135° 78. 23,200
2 W36x135 84. 23,500
3 36wr150° 90. 26,500
4-6 36WF150 9. 26,900

a) Ref. [12], 1=7800 in.%, A=39.7 in2, G=35.55 in.
b) Ref. [11], 1=9012 in.?, A=44.2 in®, d=35.84 in.
¢} Is transformed to steel, E=29,000 ksi and

E_ = 3,900 ksi
c

Plate and beam elements were used. The input parameters
for the plate elements consisted of the plate bending and
twisting stiffnesses. The beam stiffness values entered in the
program consisted of the full-composite moment of inertia
listed in Table 3, multiplied by 29,000 ksi, and the longitudinal
plate bending stiffness contribution from the effective width
of the slab subtracted from the product.

A noncomposite model of the span was also constructed to
determine the deflections assuming there is no interaction
between the deck and the beams. This was done by using the
same procedure as for the full-composite model, but the lon-
gitudinal beam stiffnesses were computed by considering only
the: properties. of the steel section.

For both models, each end support was assumed to be
elastic, with a spring modulus of 5,500 K/in. The diaphragms
and cross braces were also modeled. The wheel loads were
considered by specifying concentrated loads acting at the
respective station coordinates.

COMPARISON OF MEASURED AND FULL-
COMPOSITE DEFLECTIONS

Figures 18 through 20 illustrate the full-composite beam
deflection profiles and the measured deflections listed in Ta-
ble 2. During loading L2N, where the left wheels of the truck
were placed on Beam 2, the measured deflections are gen-
erally a little smaller in magnitude than the predicted full-
composite deflections (Figure 18). The same comparison can
be made for the deflections during loading L4N (Figure 19),
but the measured midspan deflection of Beam 4 is about
7 percent larger than the full-composite value. And during
loading L6N (Figure 20), the measured deflections are
almost identical to the full-composite deflections except for
the midspan deflection of Beam 5. In general, the measured
deflections and the full-composite deflections are in good
agreement.
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FIGURE 20 Measured deflections and deflection profiles of full-composite model, loading L6N.

TABLE 4 COMPARISON OF MAXIMUM MEASURED AND

COMPUTED DEFLECTIONS

Maximum Deflection (inches)

Computed
Loading Beam Measured
Full-Composite Non Composite
L2N 2 0.044 0.047 0.118
L4N 4 0.045 0.042 0.094
L6N 6 0.073 0.072 0.181
Table 4 illustrates a comparison of the maximum measured CONCLUSIONS

deflections with the maximum computed deflections of the
full-composite and noncomposite models of the span. On the
average, the analytical maximum noncomposite deflections
are about 140 percent larger than the maximum measured
values. The maximum computed full-composite deflections
are within 7 percent of the maximum measured deflections.

Therefore, the agreement of the measured deflections with
deflection profiles of the full-composite model and the com-
parison of the maximum measured values with those of the
full-composite and noncomposite models provide evidence
that the span behaves in a full-composite manner.

The construction of the precast deck of a simple span of the
SPUR 326 bridge in Lubbock, Texas, with full-depth full-
width precast concrete panels has demonstrated the viability
of the precast method in reconstructing a bridge deck rapidly.
All eight panels were placed and connected to the supporting
longitudinal steel beams in about 25 nonconsecutive hours.
Deflection measurements correlated with analytical deflec-
tions of a full-composite model of the span have conclusively
shown that a complete interaction is accomplished between
the precast deck and the supporting steel beams. The maxi-
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mum deflections measured during field load tests were found
to be within 7 percent of those computed using a full-com-
posite model of the span. Furthermore, the maximum deflec-
tions of a noncomposite model were found to be 140 percent
larger than those measured.

The use of small, deformable neoprene pads as temporary
supports to the panels until placement of the epoxy mortar
was demonstrated to be a viable method of controlling the
bending stresses in the panels during placement. The large
deformations of the pads allow for a more uniform distribution
of the panels’ weight onto all bearing supports.

Some improvements on the construction method suggested
as a result of observing the field construction follow:

1. Separate neoprene pads at each panel edge rather than
a common pad would allow simpler grading of the panels and
would accommodate slight variations in panel thicknesses.

2. Ready-made sealers, such as caulking strips or rods,
would be easier to use and take less time to install than sheet
metal angles.

3. A commercially available mortar mixer would provide
better epoxy grout mixing equipment.

4. A field grading control procedure that would allow input
of actual beam elevations at each pad support, the corre-
sponding form elevations, the top of the panel elevations when
in the form, the calculated beam deflections, and the planned
final roadway elevations would simplify the field grading
process.
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Detection of Flaws in Bars and Cables in
Concrete Bridge Structures

A1 GHORBANPOOR AND THEODORE E. SHEW

This paper presents the results of a study of a nondestructive
evaluation technique, the Magnetic Field Disturbance (MFD)
system, for detection of flaws in the reinforcing and prestress-
ing stecls of prestressed concerete bridges. This work included
development of an improved MFD signal processing technique,
a series of laboratory experiments, and tests of prestressed
bridge beams in the field. A description of the principles of
the MFD system and of various signal processing and inter-
pretation techniques is provided. It was found that when a
flawed bar or cable is within 6 in. of the surface of the concrete
beam, it is possible to detect and locate flaws with a minimum
size equivalent to a 5 percent loss of a cross-sectional area of
the steel.

Many existing structures, including highway bridges, have been
designed by using the prestressing or post-tensioning concept.
High-strength bars and cables are normally used as the pri-
mary structural components in these structures. The safe load-
carrying capability of such structural elements depends pri-
marily on the integrity of these prestressing bars and cables.
Because of the nature and type of construction, deterioration
and eventual failure of one or more of these prestressing bars
or cables could result in catastrophic failure of part or all of
the structure.

As existing prestressed and post-tensioned concrete struc
tures become older, it becomes more important to be able to
evaluate the condition of their prestressing steel elements.
Periodic visual inspections of prestressed concrete bridges
throughout the world have demonstrated the growing prob-
lem of dcterioration of the prestressing steel as a result of
corrosion.

No reliable and practical nondestructive evaluation tech-
nique has been available for assessing the condition of the
steel within concrete bridge members. Past research spon-
sored by the U.S. Department of Transportation, Federal
Highway Administration (FHWA), resulted in the develop-
ment of a prototype instrument (see Figure 1), the Magnetic
Field Disturbance (MFD) system, for detecting flaws in the
steel embedded in concrete (/). Other previous reports are
described elsewhere (2—4). The system is based on applying
a steady magnetic field near a member and scanning the mem-
ber’s surface to detect perturbations in the magnetic field
caused by the presence of flaws in the prestressing or rein-
forcing steel.

This paper discusses the results of a study conducted at the
University of Wisconsin-Milwaukee to evaluate the perfor-

Department of Civil Engineering and Mechanics, University of Wis-
consin-Milwaukee.

FIGURE 1 The prototype MFD instrument.

mance of the MFD system, to enhance the data acquisition
and signal processing techniques, and to create a database
from a series of characterized MFD signals. The principles of
the MFD and related signals are discussed first. The signal
analysis methods employed during this study are next described.
Results from the laboratory experunenis aud ficld iesis of
prestressed bridge beams are presented last.

PRINCIPLES OF MFD

The present MFD system consists of an electromagnet, detect-
ing devices, and data acquisition and processing hardware and
software. The detecting devices consist of an array of four
Hall Effect sensors to detect perturbations of the applied
magnetic field. The sensors are horizontally oriented between
the electromagnet poles, as shown in Figure 2, to measure
the changes in the vertical component of the magnetic ficld.
The entire magnet and sensor assembly scans the bottom
surface of a member along its length. The steel becomes mag-
netized, and the vertical component of the field is measured
simultaneously by all sensors at closely spaced points, nor-
mally at 0.2-in. intervals, along the length of the member.
Any disturbances of the field detected by the probes may be
attributed to the presence of flaws, stirrups, or steel artifacts
(i.e., chairs, scrap metals, etc.).

In the presence of a magnetic field, the atomic dipoles of
the steel will become aligned with the external field, resulting
in the development of a large flux within the steel (5). The
degree of alignment depends on the strength of the magne-



Ghorbanpoor and Shew

FLAWED BAR

PERTURBED MAGNETIC
FIELD COMPONENT
DETECTED By THE
SENSORS.

SENSOR

=3
posITIONS F T 9 f1-
'y

FIGURE 2 Assembly of the electromagnet and sensors.

tizing field as well as the properties of the steel. When the
strength of the applied field is relatively large, complete align-
ment of the atomic dipoles will result; this is known as sat-
uration of the steel. A change in the cross-sectional area of
steel due to the presence of a discontinuity results in a change
in the magnetic permeability or in perturbations of the mag-
netic field that may be detected by sensitive probes. Fig-
ure 3 shows the flux leakage or fringing due to the presence
of a flaw in a magnetized steel rod. The magnitude of the
perturbation, or the vertical components of the flux, will depend
on several factors. The most important ones are the strength
of the magnetizing field, the size of the flaw, and the distance
between the magnet-sensor assembly and the flawed bar. A
plot of the vertical component of the flux, or the Hall voltage,
as a function of longitudinal position along the length of the
beam is termed the MFD signal.

In prestressed concrete bridge beams, three sources that
produce MFD signals may be identified:

1. Flaws in the longitudinal steel,
2. Stirrups, and
3. Steel chairs and other metallic artifacts.

Recorded MFD signals for steel chairs and other near-surface
artifacts are easily distinguished from the signals generated
because of the presence of stirrups and of flaws in cables and
bars. These signals have reversed polarity and larger ampli-
tudes with shorter durations.

The MFD signals may be interpreted easily when the steel
reinforcement layout is simple. In real structures, when many
adjacent cables or bars are present, the signal analysis becomes
complicated. The analysis is complicated because of the super-
position of the MFD signals from individual steel cables and
bars.

SIGNAL ANALYSIS PROCEDURES

Signal differencing, correlation, and magnetic field profile
(MFP) techniques as well as signal frequency analysis were
used in this study.

From the initial evaluation of the MFD signals in the fre-
quency domain, it was found that there were no distinct fre-
quency components of the signals that could be related to
flaws, stirrups, or steel artifacts. Previous studies concur with
these findings. Therefore, no further signal interpretation in
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FIGURE 3 Fringing of the magnetic field and
resulted flaw signal.

the frequency domain was performed. In the differencing
technique, the data from sensor 4 are subtracted from those
of sensor 1 to reduce the effects of the stirrup-related signals.
In the correlation method of analysis the recorded signals are
compared to an ideal flaw signal, defined by a mathematical
model, to determine the degree of similarity in terms of a
correlation coefficient. An illustration of the procedure is
shown in Figure 4. The correlation values are then plotted as
a function of position along the length of the member, result-
ing in a correlation curve. The correlation values for the anal-
ysis can range between +1 and —1, where a value of +1
indicates a perfect match with the ideal flaw and — 1 indicates
a signal that is the exact opposite of the algorithm. A cor-
relation coefficient greater than 0.9 indicates the high prob-
ability of the presence of a flaw. Since sensor 4 is directly
positioned below sensor 1, the subtraction procedure can sub-
stantially reduce the effect in the data of the presence of the
stirrups, leaving primarily the flaw-related signals. The stirrup
effects in the data can be reduced further by normalizing the
amplitudes of signals from channel 4 with respect to chan-
nel 1 prior to the subtraction.

An additional signal processing technique, the magnetic
field profile (MFP) method, was developed during this study.
In the MFP method the three-dimensional properties of the
MFD signals are investigated by also evaluating the variation
of the signal amplitudes in the transverse direction. In this
method, a positive peak in the signals for both the longitudinal
and transverse directions followed by a negative peak indi-
cates a flaw. The MFP method analyzes data acquired from
an array of six sensors spaced horizontally and in a transverse
direction at 1-in. intervals. Transverse profiles of the vertical
components of the magnetic field are constructed as a function
of position along the length of a specimen. These profiles are
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then examined for peak values that exceed a predetermined
threshold level indicating flaws.

EXPERIMENTAL PROGRAM

Bar and cable specimens containing mechanically produced
flaws were studied in the laboratory. The objectives were to
evaluate the effectiveness of the MFD system in locating flaws
under various known conditions and to develop a database
for further development of the signal processing methods.
Various test parameters were considered to determine their
effects on the MFD signals. Those parameters are as follows:

. Size of flaw,

. Type of flaw,

. Flaw depth,

. Flaw orientation,

. Effects of stirrups and steel artifacts,

. Effect of prestressing forces, and

. Presence of adjacent longitudinal steel.

NNk LN =

A concrete beam containing two types of stirrups placed in
separate halves of the beam was constructed (see Figures 5
and 6). The stirrups were cast at a spacing of 15 in. throughout
the length of the beam. PVC tubes were cast into the lower
region of the beam to make it possible to vary the location
of the flawed specimens and the density of any adjacent lon-
gitudinal reinforcement. In addition, steel chairs were cast
into the beam at known locations near the bottom surface to
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FIGURE 5 Concrete beam for tests of flawed steel bar and
cable specimens.

study the signals produced and their effects on the signals
from the flawed cables and bars.

Field tests were conducted to evaluate the MFD system’s
performance in locating flaws in situ. These tests were con-
ducted atl two different locations. The first test consisted of
the evaluation of two Texas-type, “C” I-beams, which had
been rejected because of local honeycombing. Figure 7 shows
the system during evaluation of one of the beams. Unflawed
and mechanically flawed cables of the beams were scanned,
and the relevant data were examined. The second test was
conducted at the site of a 30-year-old, three-span, in-service
bridge in Lake County, Illinois. The members inspected were
standard, 42-in., Texas-type, “C” I-beams, as shown in Fig-
ure 8, containing Y2-in., pretensioned seven-wire strands.

RESULTS AND DISCUSSION

Correct data interpretation of MFD signals depends on a
knowledge of the signal characteristics from the influence of
various possible parameters. Correct interpretation was
achieved in this study through an experimental program
described earlier. Therefore, an extensive effort was devoted
to this part of the study.
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FIGURE 6 Concrete test beam sections showing U-type and rectangular-type stirrups.

FIGURE 7 The MFD instrument during test of a rejected
bridge beam.

Flaw Characteristics

The effect of section loss on the signal amplitudes produced
for three different bar flaw types is shown in Figure 9, which
also shows the different bar types. The tests were performed
in the lowest position in the test beam, with eight adjacent
longitudinal bars. Significant variation of signal amplitudes is
observed for the various flaw types; it is a function of the
amount of steel removed at the position of the defects. Tests
were also conducted for the hacksaw and notch flaw types
with the flaw oriented both upward and downward to study
the effect of flaw orientation on the MFD signals. No signif-
icant difference was observed, however. For the tests per-
formed in the stirrup region, where flaws were positioned
midway between two adjacent, rectangular-type stirrups, a
rather uniform reduction in signal amplitudes for all three
flaw types was observed. This amplitude reduction is due to
the superposition of signals from flaws and from stirrups that
have similar wave-shapes but different phases.

It has been observed that flaw signals with an amplitude of
less than 0.1 volts cannot be detected reliably. These signals
correspond to section losses of approximately 5 percent for
flaws located outside the influence of stirrups, and of approx-
imately 40 percent to 50 percent for flaws located midway

between stirrups spaced 15 in. apart, for a test specimen con-
taining uniform flaws at a concrete depth of 2 in.

Signal amplitudes are significantly reduced when depth of
concrete cover is increased. Figure 10 shows the effect of
depth of concrete cover and section loss on the amplitudes of
the signals obtained for the uniform flaw bar specimen with
no adjacent steel or stirrups. Similar results were obtained
for bar specimens of the other two flaw types, although no
signals were obtained in the case of the hacksaw flaws for a
concrete depth of 6.5 in.

An increase in the amount of adjacent longitudinal steel
will cause a reduction in the signal amplitude. Figure 11a
shows such an effect for the uniform flaw bar specimen, while
Figures 11b through 1le depict the various layouts for the
flawed and adjacent bars. This is attributed to the redistri-
bution of magnetic flux to the surrounding steel, so that a
smaller amount of flux passes through the flawed specimen.
As a result, less fringing and smaller perturbations of the
magnetic field will occur, which will produce smaller flaw
signals.

Figure 12 is a graphical representation of the values of the
correlation coefficients for the data corresponding to Fig-
ure 11. All correlation values were obtained using the differ-
enced data that were normalized only when a flawed bar was
located in a stirrup region. As the figure indicates, higher, or
better, correlation values were obtained when there were no
stirrups in the vicinity of the flaw. Noting that a high degree
of reliability in identifying a flaw corresponds to a minimum
correlation coefficient of 0.9, only section losses exceeding
about 40 percent may be identified for flaws in the stirrup
region even with a concrete cover of only 2 in.

Depth of concrete cover and fracture separation gap size
significantly affect the signal amplitudes. Figure 13 shows such
effects for the complete fracture of a no. 6 bar and a %-in.,
7-wire strand. The tests were taken in the presence of eight
adjacent unflawed bars or cables. It is interesting to note that
for both the bar and the cable specimens, the signal amplitude
increased to a maximum value and subsequently decreased.
This response is attributed to the fact that, at a certain gap
size, the vertical dispersion of the flux in the medium sur-
rounding the flaw reaches its maximum value. The subsequent
reduction of the signal amplitude is a result of the passage of
less flux through the flawed specimen.

The effect of the prestressing force on the MFD signals was
investigated. A comparison of the signal amplitudes obtained
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FIGURE 8 Typical cross sections of the in-service bridge beams showing details for reinforcing and diaphragm inserts.
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FIGURE 9 Magnitude of signal amplitude with flaw sizes.

for the complete fracture of a V2-in., 7-wire strand is shown
in Figure 14 for both a stressed cable and an unstressed one.
The signal amplitudes for the stressed cable remain consis-
tently higher than those obtained for the unstressed cable;
this will have a positive effect on the performance of the MFD
system with real prestressed structures. This is due to the fact
that the prestressing force is in the same direction as the lines
of magnetic flux. The stress physically aids the alignment of
the atomic dipoles of the reinforcement (6); this effect is
known as the magnetostriction phenomenon. The result is an
increase in the amount of flux passing through the reinforce-
ment; therefore, larger perturbations are caused by flaws. The
corresponding correlation coefficients for stressed cables were
found to be higher than those for unstressed cables.

Correlation and Profile Analysis Data

A no. 6 steel bar containing five complete fractures at dif-
ferent positions and with various gap sizes was used, and
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FIGURE 10 Magnitude of signal amplitude with depth of
concrete cover.

related MFD signals were analyzed. Figure 15 shows the sig-
nals that were recorded from sensors 1 and 4, along with an
unnormalized differenced plot and the plot of the correlation
coefficient values. The figure also shows the steel bar with
positions of the complete fractures. The test was conducted
with the bar located 2 in. above the sensors. As can be seen
from the figure, a distinct peak has been obtained on the graph
of the correlation values at the position of each of the flaws.
Each peak corresponds to a correlation value greater than 0.9,
which indicates a flaw with a high degree of reliability.

The value of the peak separation, B (shown in Figure 4),
which is to be used in the algorithm of the correlation analysis
procedure, has been found to vary with the many parameters
considered in this study. It was generally found, however, to
increase primarily with increasing flaw depth. Optimum val-
ues of B were found to be about 16 for the first row of rein-
forcement, at approximately 2 in. from the sensors, and 24
for deeper flaws, regardless of the size or type of the flaw.
This is due to the fact that, for deeper flaws, the resulting
signals will have longer durations, which corresponds to a
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FIGURE 11 Effect of the amount of adjacent steel on the
signal amplitude.

larger value of B. These results are in agreement with those
of previous studies.

The correlation method is sensitive to small flaw signals
since it is less dependent on signal amplitude than on signal
shape. It is evident from the data, however, that the corre-
lation method of analysis may not always yield reliable results.
The presence of stirrups and other steel artifacts can mask
the presence of even relatively large flaws, such as complete
fracture, when the correlation method of analysis is used. In
addition, relatively strong indications of the existence of flaws
were erroneously obtained in regions between stirrups in some
cases.

Attempts to resolve the difficulties associated with the cor-
relation method resulted in the development of the MFP tech-
nique described earlier. The same data that were used in
Figure 15 are presented again in Figure 16, but from an array
of six sensors that were spaced 1 in. apart. An investigation
of the transverse profiles at each point along the length of
the specimens can indicate the presence of a flaw, stirrup, or
other steel artifacts. Figure 16 also shows transverse profiles
for a flaw and for a stirrup. Preliminary analyses using this
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FIGURE 13 Effect of fracture separation for bars and cables
on amplitude of the MFD signals.

method have been encouraging. In a number of cases, the
MFP method of analysis indicated the presence of a complete
fracture where the correlation analysis had failed, in the region
of stirrups. While the correlation method of analysis is a pow-
erful technique for identifying flaws in many situations, the
MFP analysis can enhance MFD signal interpretation signif-
icantly in a few important cases where the correlation method
has not been effective.

Field Test Findings
A number of important findings were made as a result of the

field tests that were conducted on an in-service bridge described
earlier. Results of the profile analysis were found to improve
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interpretation of the correlation analysis for the data obtained,
although the two methods were not in agreement for all cases.
In a number of cases, correlation values greater than the flaw
indication threshold of 0.9 were obtained in locations where
flaws were determined not to exist. The profile method was
helpful in identifying some of these false flaw indications.

A knowledge of the structural details for a member under
test is of significant importance when the MFD system is used.
For example, during this field test, a flawlike signal was recorded
that strongly indicated the presence of a flaw by both the
correlation and the profile methods. The signal was located
at the midspan of the beam, however, where the bridge plans
indicated the presence of an anchor insert for the diaphragm
(see Figure 8).
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CONCLUSIONS

Evaluation of the MFD technique during this study indicated
that the system is the most promising nondestructive method
for identifying flaws in prestressed concrete structures.

The most significant parameters that influenced the ampli-
tude and shape of the MFD signals were found to be the
distance between the flaws and the probes, the flaw size, and
the presence of additional longitudinal steel as well as the
stirrups and steel artifacts.

A single method of signal analysis (i.e., the correlation
method or the protile method) was found to be incapable of
yielding reliable results in all cases. The most reliable results
may be obtained from an MFD test by using both methods
and having a thorough knowledge of the related structural
details.

While the present MFD technique is the most suitable and
available method for assessing the status of steel within pre-
stressed concrete bridge members, it is also associated with
some shortcomings. The difficulties encountered during field
testing are its primary weakness; these are due to excessive
weight of the system (approximately 250 1b.) and the ineffi-
cient design of devices used for attaching the instrumentation
to the bridge beams.

RECOMMENDATIONS

The results of this study indicate that it is possible to make
major improvements in the MFD system. Significant weight
reduction, updating the present instrumentation, and enhance-
ment of signal analysis procedures to overcome the system’s
present shortcomings are all possible. Weight reduction and
improved efficiency may be achieved by use of a permanent
magnet system with probes of greater sensitivity. An updated
electronic design and an expanded sensor array with addi-
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FIGURE 15 Typical data plots for sensors 1 and 4 and the differenced data. The result of the

correlation analysis is shown below.
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FIGURE 16 Data plot from the six-sensor array used in the profile analysis. Typical flaw

and stirrup profiles are shown below.

tional development of signal analysis procedures will enhance
the system’s current ability to identify flaws.
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Dynamic Optimization Model for Bridge

Management Systems

Y1 JiaNG AND KuMARES C. SINHA

The systematic procedures of a bridge management system
provide bridge managers with tools for making consistent and
cost-effective decisions related to maintenance, rehabilitation,
and replacement of bridges on a systemwide basis. An opti-
mization model was developed as part of an effort to develop
a comprehensive bridge management system for the Indiana
Department of Highways (IDOH). The techniques of dynamic
programming, integer linear programming, and Markov chain
were applied in the model. The use of dynamic programming,
in combination with integer linear programming and Markov
chain, provides bridge managers with an efficient tool for sys-
tem optimization and budget allocation in managing bridge
systems. The model can be used to plan bridge maintenance,
rehabilitation, and replacement activities for a given bridge
budget and program period. The application of dynamic pro-
gramming assures that the results are optimal not only for a
program period but also for the subperiods.

The Federal Highway Administration (FHWA) has recently
encouraged states to develop comprehensive bridge manage-
ment systems. Several states, including Pennsylvania, North
Carolina, Virginia, Nebraska, and Kansas, have developed
relatively comprehensive systems (/). All these systems, how-
ever, are based on priority ranking techniques for selecting
bridge improvement projects; these techniques do not usually
guarantee optimal solutions. Mathematical techniques of
optimization have not yet been effectively used in bridge man-
agement systems.

This paper describes an optimization model developed for
a comprehensive bridge management system for the Indiana
Department of Highways (IDOH). The model applies dynamic
programming and integer linear programming to select proj-
ects, while the effectiveness or benefit of a bridge system is
maximized subject to the constraints of available budgets over
a given program period. Markov chain transition probabilities
of bridge conditions are used in the model to predict or update
bridge conditions at each stage of the dynamic programming.

The use of dynamic programming, in combination with inte-
ger linear programming and Markov chain, makes it possible
to manage efficiently a system with hundreds of bridges. The
model can be used to plan bridge maintenance, rehabilitation,
and replacement activities for given available budgets and
program period. The application of dynamic programming
assures that the results are optimal not only for a program
period but also for the subperiods.

School of Civil Engineering, Purdue University, West Lafayette, Ind.
47907.

PERFORMANCE CURVES AND MARKOV
PREDICTION MODEL

The performance curves and the Markov chain prediction
model of bridge conditions were incorporated into the opti-
mization model. The detailed description of performance curves
and the Markov prediction model can be found elsewhere (2).
The following is a description of the performance analysis that
is relevant to the optimization model.

There are about 5,400 state-owned bridges in Indiana. All
of these bridges have been inspected every 2 years beginning
in 1978. The inspection includes the rating of individual com-
ponents, such as deck, superstructure, and substructure, as
well as of the overall bridge condition. According to the FHWA
bridge rating system, condition ratings range from 0 to 9; 9
is the rating of a new bridge (3).

The objective of developing performance curves was to find
the relationship between condition rating and bridge age. The
performance curves of bridge components for concrete and
steel bridges on interstate highways, as well as on noninter-
state highways, were developed separately. A third-order
polynomial regression model was used to obtain performance
function, as shown below.

Y1) = Bo + Bl + Bot? + Bati + &

where Y(f) is the condition rating of a bridge at age ¢, ¢; is
the bridge age, and ¢, is the error term.
Figure 1 presents an example of the performance curves,

Condition Rating
9 T T T T T y

Performance Curve

2 I ' i A i i
0 10 20 a0 40 60 60 70

Bridge Age

FIGURE 1 Performance curve of deck condition of
concrete bridges.
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TABLE 1 CORRESPONDENCE OF CONDITION RATINGS, STATES, AND

TRANSITION PROBABILITIES

R=—9 R=8 R=7 R=6 R=5 R=4 R=3
S=1 S=2 S=3 S=4 S=5 S=6 S=7
R=9 | S=1 | py, P12 P13 P14 P15 P16 P17
R=8 | 8=2 | py, P22 P23 P2y P25 Poe Po7
R=7 | 8=3 | ps, P32 P33 P34 P35 P36 P37
R=6 | S=4 | pq, P2 P43 Pas4 Pag P46 P4
R=5 | 8=5 | ps; Ps2 P53 P54 Ps,s Ps,6 Ps,7
R=4 | S=6 | ps; Pe,2 Pe,3 P4 Pes Pe,6 P,
R=3 | 8=7 | p, P72 P73 P74 P75 P16 P77
Note: R = Condition Rating
S = State
p;j = Transition Probability from State i to State j
representing the deterioration of concrete bridge decks on p(1) g1) 0 0 0 0 0
noninterstate highways over years. The Markov chain, as 0 p2) q2) 0 0 0 0
applied to bridge condition prediction, is based on the concept 0 0 p@B) q(3) 0 0 0
of defining states in terms of bridge condition ratings and P= 0 0 0 p@4) q4 O 0
obtaining the probabilities of bridge condition transiting from 0 0 0 0 pG5) q5) 0
one state to another. These probabilities are represented in 0 0 0 0 0 p(6) 4q(6)
0 0 0 0 0 0 1

a matrix form called the transition probability matrix or, sim-
ply, transition matrix of the Markov chain. Knowing the pres-
ent state of bridge conditions, or the initial state, the future
condition can be predicted through multiplications of the ini-
tial state vector and the transition matrix.

Seven bridge condition ratings were defined as seven states,
with each condition rating corresponding to one of the states.
Thus, condition 9 was defined as state 1, rating 8 as state 2,
and so on. Without repair or rehabilitation, the bridge con-
dition rating decreases as the bridge age increases. Therefore,
there is a probability of condition transiting from one state,
say i, to another state, j, during a 1-year period, which is
denoted by p; . Table 1 shows the correspondence of condition
ratings, states, and transition probabilities. Because the low-
est recorded rating number in the database was 3, indicating
that the bridges are usually repaired or replaced at a rating
not less than 3, condition ratings less than 3 were not included
in the transition matrix.

An assumption was made that the bridge condition rating
would not drop by more than 1 in a single year. Thus, the
bridge condition would either stay in its current rating or move
to the next lower rating in 1 year. The transition matrix has,
therefore, the form:

where g(i) = 1 — p(i). The correspondence between p(i) and
p.; and between ¢g(i) and p,,,, can be seen in Table 1. There-
fore, p(1) is the transition probability from rating 9 (state 1)
to rating 9, and ¢(1) from rating 9 to rating 8, and so on.

It should be noted that the entry 1 in the last row of the
matrix indicates that state 7 (rating 3) is an absorbing state.
That is, state 7 does not transit to another state unless the
bridge is repaired.

By Markov chain, the state vector for any time, ¢, Q,, can
be obtained by the multiplication of initial state vector Q,
and the transition probability matrix P raised to the power of

t(4):
Q(1) S Q(O) W
Q@ = Qu * P = Q) * P*

Quw=Qu-n*P=0Qp*PF
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Since the transition matrix can be estimated (2), the future
condition of a bridge at any time ¢ can be predicted.

USE OF INTEGER LINEAR PROGRAMMING

Zero-one integer linear programming (5) was used in this
model. This technique is a well-defined procedure and can
be used to maximize benefit or minimize cost, subject to a
number of constraints. In developing the bridge management
system, three major rehabilitation activities—deck recon-
struction, deck replacement, and bridge replacement—were
considered. Each activity of a bridge was defined as a zero-
one decision variable. When the value of a decision variable
is 1, the corresponding activity is selected; otherwise, routine
maintenance is assumed for the bridge. The objective function
of the integer linear programming was to maximize the sys-
tem’s effectiveness in each year.

INTRODUCTION TO DYNAMIC
PROGRAMMING

Dynamic programming is a particular approach to optimiza-
tion. It is not a specific algorithm in the sense that Simplex
algorithm is a well-defined set of rules for solving a linear
programming problem. Dynamic programming is a way of
looking at a problem that may contain a large number of
interrelated decision variables so that the problem is regarded
as if it consisted of a sequence of problems, each requiring
the determination of only one (or a few) variables (6).

The dynamic programming approach substitutes n single
variable problems for solving one n variable problem, so that
it usually requires much less computational effort. The prin-
ciple that makes the transformation of an » variable problem
to n single variable problems possible is known as the principle
of optimality, which is stated as “every optimal policy consists
only of optimal subpolicies” (6).

An important advantage of dynamic programming is that
it determines absolute (global) maxima or minima rather than
relative (local) optima. Also, dynamic programming can eas-
ily handle integrality and nonnegativity of decision variables.
Furthermore, the principle of optimality assures that dynamic
programming results not only in the optimal solution of a
problem but also in the optimal solutions of subproblems. For
example, for a 10-year program period, dynamic program-
ming gives the optimal project selections for the entire 10-
year period, as well as the optimal project selections for any
period less than 10 years. These optimal solutions of the sub-
periods are often of interest to bridge managers.

The key elements of dynamic programming are stages, states,
decision, and return (6). A bridge system can be considered
to progress through a series of consecutive stages; each year
is viewed as a stage. At each stage, the system is described
by states, such as bridge condition and available budget. Deci-
sions (project selections) are made at each stage by optimizing
the returns (system benefit). The bridge conditions are pre-
dicted and updated by Markov chain technique, and the sys-
tem proceeds to the next stage.

A major limitation of dynamic programming is that if there
are too many state variables and decision variables, then there
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are computational problems relating to the storage of infor-
mation as well as the time it takes to perform the computation.

THE OPTIMIZATION MODEL

The proposed optimization model for the Indiana Bridge
Management System requires that it handle about 1,000 bridges,
with about 3,000 decision variables, if only three improvement
alternatives are considered (deck reconstruction, deck
replacement, and bridge replacement). Furthermore, each
bridge has a number of associated factors, such as condition
rating, traffic safety index, community impact index, and so
on. Because of the size of the problem, it was not possible
to use only dynamic programming to optimize such a large
system. Therefore, integer linear programming was used in
combination with dynamic programming to optimize the proj-
ect selections on a statewide basis.

The dynamic programming divides the federal and state
budgets of each year into several possible spending portions,
and the integer linear programming selects projects by max-
imizing yearly system effectiveness subject to different budget
spendings. The dynamic programming chooses the optimal
spending policy, which maximizes the system effectiveness
over a program period by comparing the values of effective-
ness of these spendings resulting from the integer linear
programming.

In terms of dynamic programming, each year of the pro-
gram period is a stage. The federal and state budgets are state
variables. Each activity of a bridge is a decision variable of
the dynamic programming as well as of the integer linear
programming. The effectiveness of the entire system is used
as the return of the dynamic system.

At each stage, a decision must be made about the optimal
solution from stage 1 to the current stage. When a decision
is made, a return (or reward) is obtained and the system
undergoes a transformation to the next stage. The bridge
conditions are updated for the next stage by the Markov tran-
sition probabilities obtained through the performance model
described by Jiang et al. (2). Figure 2 is a flowchart of the
optimization model that illustrates the optimization process.
For a given program period, the objective of the model is to
maximize the effectiveness of the entire system. The formu-
lation of the model, along with the definition of system effec-
tiveness, is discussed as follows.

FORMULATION

The effectiveness of a bridge improvement activity was defined
as follows:

E, = ADT, * AA(a) * (1 + Csafe;) * (1 + Cimpc;)
where

E, = effectiveness gained by bridge i if activity a is
chosen;

a = improvement activity;

a = 1, deck reconstruction;

a = 2, deck replacement;

a = 3, bridge replacement;

T, = average daily traffic on bridge i; and
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FIGURE 2 Flowchart of the optimization model.

AA(a) = filb, + fLAb, + f,Ab,,, representing the average

area under performance curves of components
of bridge i obtained by activity a, where f;s are
the frequencies of the corresponding component
being repaired in activity a, Ab,’s are the areas
of the component gained by activity a, with j =
1, 2, and 3 corresponding to deck, superstruc-
ture, and substructure, respectively. Figure 3
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FIGURE 3 Area of performance curve obtained by
rehabilitation.
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shows an example of Ab;,—that is, the area
obtained under the performance curve of deck
condition.

Csafe, = transformed coefficient of the traffic safety con-
dition (primarily based on bridge geometrics) of
bridge i, as shown in Figure 4. The safety index
ranges from 1 to 10, with 10 being the index of
“perfect” safety condition.

Cimpc; = transformed coefficient of community impact of
bridge i in terms of detour length, as shown in
Figure 5.

Considering that budgets can be carried over from year to
year, the mathematical model for maximizing the overall
effectiveness of various activities over a program period T
was formulated as follows:

max ZT: [2 Z X; (a) * E; » di(t):I (1)

Subject to the following constraints:
Available federal budget,

1:21 Z 2 X (a) * c(a) Fi] = Cyr ()

Available state budget,

M4

]
et

Z ; X (@) *ca)* (1 - Fi)] < Cgs (3)
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One activity cannot be undertaken more than once on one
bridge in T years,

T
2 Xi(a) <1 )
=1
Constraints in Equations 5 to 9 correspond to an integer linear

programming:
Maximize system effectiveness of year ¢,

max E 2 [X, a) * E; = d1)] (5)
Spending constraint of year ¢ for federal budget,

2 2 [X.(a) » cfa) » Fl < i (6)
Spending constraint of year ¢ for state budget,

2 2 [X, () * cfa) » (1 = F)] < ms Q)

No more than one activity can be chosen on one bridge in
year t,

3
> Xifa) =<1 (8)
a=1
Decision variable,
X, =0er1l )

Update bridge conditions by Markov chain transition prob-
abilities if bridge / is not selected in year f,

Ri‘/+1 s Ri,1 *pi(RJ) * (Ri.l . 1) B (1 - pi(Rit)) (10)

Improvement of bridge condition if bridge / is selected in
year ¢ for activity a,

R;,sy = R, + AR(a) (11)
where

X, (a) = 1, if bridge i is chosen for aclivily a;
0, otherwise;
d(f) = the absolute tangent value on performance curve
of bridge / at time ¢, as shown in Figure 6,
Cyr = total available federal budget for the program
period;
Cjps = total available state budget for the program period;
F, = federal budget share of bridge i;
1 — F, = state budget share of bridge i;
c(a) = estimated cost of bridge i, activity a;
- = spending limit of federal budget in year ¢,
m,s = spending limit of state budget in year t;
R;, = condition rating of bridge / in year f,
pi(R,f) = Markov condition transition probability of bridge
i with condition rating R in year ¢; and
AR,(a) = condition rating gained by bridge i for activity a.

SOLUTION TECHNIQUE

Equations 1 through 11 constitute a dynamic programming
that includes an integer linear programming (Equations 5 to
9) as part of the constraints. The model’s objective is to obtain
optimal budget allocations and corresponding project selec-
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FIGURE 6 Slope of performance curve.

tions over T years so that the system effectiveness can be
maximized. For example, suppose that T equals 2 years and
the available budgets for both year 1 and year 2 are $100
million. If the possible spendings for year 1 are $50, $60,
$70, $80, $90, and $100 million, then the possible spendings
for year 2 could be $150, $140, $130, $120, $110, and $100
million, respectively. That is, the remaining budget for year
1 can be carried over to year 2; therefore, the spendings of
the two years are interrelated. The task of the dynamic pro-
gramming is to determine the optimal spendings among these
possible combinations of spendings (i.e., 50, 150; 60, 140; 70,
130; 80, 120; 90, 110; and 100, 100) and to obtain the cor-
responding optimal project selections. Similarly, if 7 is larger
than 2, say 10, the model can determine the optimal spendings
fiom year 1 to year 10 and give the corresponding project
selections.

Let us denote the number of spending combinations by N,
the number of possible spendings of each year by s, and the
program period by T; then N can be expressed by s and T,
N = s7-1. When T is large, the number of possible spending
combinations becomes so large that the search for the optimal
path of spendings from year 1 to year T requires great effort
and computation time.

Dynamic programming is an efficient technique to search
for the optimal path among the combinations of spendings.
Rather than examining all the paths, dynamic programming
looks at only a small part of these paths. According to the
principle of optimality, at each stage the programming finds
the optimal subpath up to the current stage, and only this
subpath is used to search for the optimal subpath up to the
next stage. The paths that do not belong to the optimal sub-
path are abandoned as the search goes on, which makes the
search efficient and saves a great deal of time.

The search for the optimal path can easily be performed
by expressing the problem as recurrence relations (6). In doing
so, Equations 1, 2, and 3 are rewritten as follows,

max i D(Y(1)) (12)
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.

s+t 2 YO < Cpr (13)
=1

b o

>, Yi(t) < Cps (14)

1=1

where

o(Y(1) = Z Eﬂ: [X:[(a) * E; * d(1)]
YA = Z 2 [Xi.[a) * c(a) * F] < Cyr
Y1) = Z 2 [X.(a) * c(a) * (1 = F)] = Cgs

Y(1) = YO + Ys(0)
The state variable is defined as
N=ANg - Y+ 1) (15)
The optimal return function is defined as
g(\) = max ®,(Y(1)), 0=Y() =\ (16)

8:(N;) = max [,(Y(2)) + g(A; — Y(2))].

0<YQ2) <\ (17)
g(\) = max [D(Y(1) + g (N, = Y(0)],
0< Y@ <\ (18)

By the recurrence relations of Equations 16, 17, and 18,
the dynamic programming process starts at year 1, or stage
1, and g(x,) can be obtained for all the possible spendings
of year 1. Then the bridge conditions are updated by Equation
10 or Equation 11 according to the project selections corre-
sponding to g,(\,); and g,(\,) can be solved based on the
information of g,(\,) as well as the updated bridge conditions.
This forward recursion is performed for every successive year
of the program period until g,(\;) is obtained; therefore, the
optimal spending policy and project selection from year 1 to
year T are obtained.

The value of ®,(Y(z)) can be obtained by solving the integer
linear programming (Equations 5 to 9). The value of the
objective function (Equation 5) of the linear programming
equals @,(Y(t)) if m,r and m,s of Equations 6 and 7 are sub-
stituted by possible spending limitations of year /.

A SAMPLE APPLICATION

A computer program of the optimization model was coded
in Fortran 77. XMP package (7) was used in the programming
to solve the integer linear programming. Branch-and-bound
method (5) was applied to solve the integer linear program-
ming, which is essentially a direct enumeration technique that
excludes from consideration a large number of possible inte-
ger combinations; it therefore makes possible the solution of
a problem with hundreds of decision variables. The input of
the problem includes the following:

1. Condition ratings of bridge components;
2. Bridge age;
3. Bridge type;
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Highway type;
. Safety index;
. Detour length;
. Average daily traffic;
. Available federal and state budgets;
. Federal budget share for bridge projects by highway
type;
10. Recommended activity and timing by engineers;
11. Estimated rehabilitation cost; and
12. Program period.

NI - NV N

The output of the program is a list of selected bridges and
activities and the corresponding federal and state costs for
each year of the program period.

To demonstrate the application of the model, a sample
problem is presented as follows. Table 2 gives the general
information on 20 bridges. It includes a description of each
bridge and the activities and timings recommended by bridge
inspectors or engineers. A 5-year program period is used (that
is, T = 5). Suppose the available federal and state budgets
for each year are $2,250,000 and $460,000, respectively, and
the bridges being considered are eligible for a 90 percent
federal budget share (F,) on interstates and an 80 percent
federal budget share on noninterstate highways. Taking this
information as input, the program yields the output shown in
Table 3. The output provides project selections for each year
of the program period and the corresponding costs. The plan
of optimal spendings from year 1 to year 5, therefore, is given
as: $1.696,000; $3,636.000; $1,673,000; $2,913,000; and
$2,891,000.

CONCLUSIONS

The use of dynamic programming in combination with integer
programming and the Markov chain provides bridge managers
with an optimization tool for managing bridge systems. The
model selects projects by maximizing the effectiveness of the
entire system over a given program period subject to budget
constraints, Therefore, for any available budget, the model
always gives a project selection that maximizes system effec-
tiveness for the given budget. That is, the model always offers
optimal solutions to decision makers. The priority ranking
methods as used in some bridge management systems, how-
ever, do not usually guarantee optimal solutions because they
are based solely on the comparison of rankings. In a ranking
procedure the following two important ingredients may be
missing (8): evaluation of interproject trade-offs in selecting
projects and selection of strategies that are guaranteed to
adhere to existing budget limitations.

The principle of optimality assures that dynamic program-
ming results in the optimal solution not only for the program
period T but also for any period less than 7. These optimal
solutions for the subperiods are important to bridge managers
in scheduling bridge activities. Furthermore, these solutions
are guaranteed by the principle of optimality to be absolute
optima rather than relative optima.

The optimization model has a simple structure and a pow-
erful capability for handling a system with hundreds of bridges.
Decision makers can use it to gain maximum return by effec-
tively spending the limited bridge budgets within both short-
term and long-term planning horizons.



TABLE 2 INFORMATION PERTAINING '1'O 20 SAMPLE BRIDGES

Bridge No. 1 2 3 4 5 6 7 8 9 10
Bridge Age 35 30 35 25 40 40 48 51 52 30
Bridge Type S S S C S C C S S C
Highway Type N I N N N N N N N I
ADT (x100) 20 90 30 15 45 19 27 38 42 150
Detour Length (miles) 8 14 9 5 10 6 7 11 13 17
Safety Index 5 7 2 4 8 3 1 5 6 i
Deck Condition Rating 6 6 5 6 5 5 5 5 5 6
Superstructure Condition Rating 4 7 5 6 4 5 5 5 3 5
Substructure Condition Rating 5 7 7 7 4 4 5 4 3 5
Recommended Activity 3 1 2 1 3 3 3 3 3 3
Recommended Activity Year 1 2 1 1 1 1 3 2 1 3
Last Year Activity Can Be Deferred 5 6 4 6 4 5 6 4 2 5
Estimated Cost ($1000) 558 150 500 80 1082 542 542 1004 1063 789

Note: S = Steel Bridge
I = Interstate Highway

C = Concrete Bridge

N = Non-interstate Highway




TABLE 2 (Continued)

Bridge No. 11 12 13 14 15 16 17 18 19 20
Bridge Age 30 35 50 48 45 50 45 35 54 38
Bridge Type C S S S C S C C C C
Highway Type N N N N 1 N N N I N
ADT (xlOO) 7 30 12 15 133 40 12 14 100 35
Detour Length (miles) 10 5 7 8 14 15 9 6 15 15
Safety Index 2 9 4 5 7 6 2 1 8 5
Deck Condition Rating 6 5 5 5 6 5 6 5 5 6
Superstructure Condition Rating 6 5 3 3 5 4 4 5 3 5
Substructure Condition Rating 6 7 3 3 4 3 4 6 3 5
Recommended Activity 1 2 3 3 3 3 3 2 3 3
Recommended Activity Year 2 2 1 1 2 1 1 1 1 3
Last Year Activity Can Be Deferred 6 5 2 2 5 2 3 5 3 5
Estimated Cost ($1000) 100 400 1102 317 1004 633 589 400 1063 891

Note: S = Steel Bridge
I = Interstate Highway

C = Concrete Bridge

N = Non-interstate Highway
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7,

TABLE 3 PROJECTS SELECTED BY THE OPTIMIZATION MODEL
v Bridge Activit Federal Cost | Statc Cost | Total Cost
2T | Number ¥ ($1,000) ($1,000) ($1,000)
16 Bridge Replacement
2 69
1 19 Bridge Replacement 1,463 - 1,580
2 Deck Reconstruction
9 Bridge Replacement
2 13 Bridge Replacement 3,024 612 3,636
i4 Bridge Replacement
15 Bridge Replacement -
4 Deck Reconstruction
3 8 Bridge Replacement 1,338 335 1,673
17 Bridge Replacement
3 Deck Replacement
5 Bridge Replacement
913
% 7 Bridge Replacement 2 a0 By
10 Bridge Replacement
1 Bridge Replacement
6 Bridge Replacement
11 Deck Reconstruction
3 g1
5 12 Deck Replacement R Al ik 24
18 Deck Replacement
| 20 Bridge Replacement
REFERENCES 6. L. Cooper and M. W. Cooper. Introduction to Dynamic Program-

ming. Pergamon Press, New York, 1981.

R. Marsten. XMP Technical Reference Manual. Department of
Management Information Systems, University of Arizona, Tuc-
son, April 1987,

. W. D, Cook and R. L. Lytton. Recent Development and Potential

Future Directions in Ranking and Optimization Procedures for
Pavement Management. Proc., 2nd North American Conference
on Managing Pavements. Toronto, Ontario, Canada, Vol. 2. Nov.

Publication of this paper sponsored by Committee on Structures
Maintenance.



