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Foreword 

Of the 14 papers in this Record, 10 are concerned with design of bridge elements, one is 
about service life prediction of bridges, one examines mechanical anchors in concrete, one 
reports tests on fiber reinforced plastic structural members, and one discusses the concept 
of fiber reinforced plastic and concrete highway tunnels. 

Dusel reports on cyclic and sustained tension tests of mechanical anchors used for attaching 
signs, inspection ladders, brackets, and other items to concrete. Abendroth and Greimann 
present two design alternatives, based on one-tenth scale laboratory tests, full-scale field 
tests, and finite element investigations, for piles used integrally at abutments. Mozingo describes 
tests of a 1:12 scale model of a 46-ft. span timber bridge with steel strips stressing a double 
layer of square wood elements. The double layer was used to accorr>modate today's smaller 
timber sizes, and stressing increased structural rigidity by a factor of 2.25. 

Burke reports on the history of a 150-year-old bridge whose innovative design used a local 
foundry's ability to make tubular iron castings . The 80-ft. span continues to carry full legal 
loads. Van Lund et al. describe a bridge substructure replacement that permitted widening 
of the Interstate below to eight lanes. Peer review of eight designs for the project resulted 
in the selection of a two-hinge steel arch, partly because this design permitted erection with 
the least traffic interruption and public hazard. 

Wipf et al. use a finite element program with three-dimensional elements to examine the 
effect of transverse and longitudinal stiffening of steel stringer bridges. The authors found 
that stiffening could increase the live-load ratings of simple span bridges by 30 percent and 
that stiffening of continuous stringer bridges could be detrimental because the stress at 
unstiffened locations could be increased. Wiley et al. determined the effect of four different 
post-tensioning configurations by measurements on a one-third scale continuous three-span 
composite bridge model. The post tensioning helped strengthen negative moment regions. 

Hiremath et al., in tests of two Washington State DOT series 14 girders joined to form a 
continuous member, concluded that the joined series 14 girders without endblocks will per
form effectively as continuous girders as long as they are placed normal to the support and 
a specified sequence of construction is followed. Hwang and Nowak report on a study to 
develop a prediction method for the dynamic load effect on a girder bridge. Bakht and 
Pinjarkar's review indicates inconsistencies in a wide variety of methods for interpreting 
dynamic test data and proposed a preferred method of calculating dynamic factors. 

Yen and Lai report on time-strain measurements due to truck loads on two steel girder 
bridges, including vibration frequencies, modes, and damping . They found that the bridge 
vibrated mainly in one fundamental mode, analogous to the static deflection shape assumed 
in design . Jiang and Sinha describe a process for using present condition, age, and probability 
of deterioration rates to predict the service life of bridges. 

Bank reports on laboratory bending and shear tests on high narrow flange and wide flange 
pultruded fiber-reinforced plastic (FRP) beam sections, as well as an analysis of a FRP rigid 
frame. Kaempen describes the conceptual use of fiber-reinforced plastic and concrete as 
underwater highway tunnel sections. 

v 
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Evaluation of Mechanical Expansion 
Anchors 

JOHN P. DUSEL, JR. 

Results of research conducted on mechanical expansion anchors 
for the purpose of revising an existing acceptance specification 
used by the California Department of Transportation are pre
sented in this paper. The main objective of the research was to 
refine a portion of the standard specification dealing with mechan
ical expansion anchors, whose key requirement is to limit the 
amount of displacement that a mechanical expansion anchor can 
exhibit while being subjected to moderate sustained tensile loading. 
The scope of the work included (a) classifying mechanical expan
sion anchors from 14 manufacturers into five main categories and 
then further segregating them into types within each category, (b) 
conducting 465 ultimate tensile load tests on %-, 1/2-, and %-in.
diameter zinc-electroplated mechanical expansion anchors to 
determine the point at which slip or yield occurs and their mean 
ultimate strength, (c) performing a total of 394 sustained tensile 
load creep tests at two different concrete strengths, (d) determining 
physical properties and chemical composition of suitable anchors, 
and (e) refining the standard specification and preparing a stan
dard test method, California Test 681. The main alteration in the 
anchor specification included lowering the magnitudes of some 
sustained tension test loads for the required creep test and reducing 
the permitted displacement (0.050 to 0.035 in.) and time period 
(100 to 48 hrs) during which creep is monitored. The two anchor 
types found to be the best in each of their respective categories
shell and stud-are (a) the shell nondrilling internal plug and (b) 
the stud wedge. 

The California Department of Transportation (Caltrans) has 
an ongoing need to attach various fabricated products, includ
ing signs, inspection ladders, hand rail, glare screen posts, 
crash cushion bases, and various brackets, to surfaces of exist
ing concrete structures. In many instances, both designers and 
maintenance personnel require a relatively inexpensive, yet 
reliable, anchorage device-the mechanical expansion anchor
where more substantial or permanent anchoring methods are 
deemed unnecessary. 

In recent years, many new types of mechanical expansion 
anchors have been developed. One of the newer types-the 
stud wedge-has become popular with many contractors. 
Reasons for its popularity are as follows: 

• All required studs, nuts, and washers are furnished with 
the anchor; 

• A multihole base plate can be used as a drill template, 
minimizing misaligned holes; 

• The costs of drill bits and hole preparation are lower 
because the drill hole diameters required are smaller than 
those needed for shell-type anchors; and 

• By minimizing drill hole diameters, the chance of encoun
tering rebar is reduced. 

California Department of Transportation, Transportation Labora
tory, 5900 Folsom Boulevard, Sacramento, Calif. 95819. 

A new improved style of shell anchor is a type having an 
internal tapered plug and is often referred to as "drop-in." 

Until recent research was undertaken (1), only two older 
kinds of mechanical anchors-the flush-mounted shell exter
nal plug and stud external plug-had been tested and approved 
by Caltrans. In order for a mechanical expansion anchor to 
be approved for use in Caltrans contracts, requirements of 
the Caltrans Standard Specifications (Jan. 1988, Section 75-
1.03) must be met. 

Caltrans is the only known organization that considers the 
amount of creep of concrete anchorage devices during sus
tained tension loading to be the most meaningful measure of 
an anchor's ability to perform well under severe field con
ditions. Since 1973, Caltrans has included a creep evaluation 
as one of the key points in its specification. Before July 1984, 
acceptable anchors could not exhibit more than 0.050 in. of 
movement while subjected to a specified sustained tensile test 
load for a period of 100 hr. Unfortunately, no known man
ufacturer currently provides creep data, either short or long 
term, for mechanical expansion anchors. Almost all, however, 
offer ultimate shear and tension test data, which can be obtained 
relatively quickly and cheaply. Design engineers are con
cerned more with the "yield point" of an anchorage system, 
the amount of creep that may occur during long-term sus
tained loading, the performance of an anchor during dynamic 
loading, and the ability of an anchor to maintain a high tensile 
load after anchor movement has begun. 

Before this research project (1) was completed, very little 
creep test data for mechanical expansion anchors were avail
able (2), and there was no uniform test procedure established 
to determine creep. Some of the sustained tension test load 
values shown in earlier Caltrans standard specifications that 
were required to evaluate anchor creep were thought to be 
unrealistically high. Many of these test load values had been 
obtained by either interpolation or extrapolation from a few 
known sustained tension load values that had been deter
mined for popular anchor sizes from a limited number of 
manufacturers. 

Furthermore, there were no uniform requirements estab
lished for important physical properties of concrete test spec
imens in which mechanical expansion anchors were evaluated. 
Such important properties include compressive strength, 
modulus of elasticity, and cure time. Testing equipment and 
procedures used to collect the limited creep data also varied. 

Because of the lack of demand for creep data by general 
users, manufacturers have been reluctant to spend the funds 
necessary to obtain comprehensive creep data for their 
mechanical anchors. Creep data are costly and time-consuming 
to develop and generally there has been little demand for such 
data by most users. Therefore, manufacturers have been 
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unwilling to provide creep data and unable to recommend 
realistic reductions in their published ultimate loads for con
ditions where either sustained tensile, dynamic, or impact 
loading govern . 

A literature search was conducted and no published infor
mation concerning creep of mechanical expansion anchors 
was found. However, some interesting research papers deal
ing with both the static and dynamic behavior of mechanical 
expansion anchors were discovered (3-5). 

The main objective of this research was to revise the existing 
Caltrans specification for mechanical expansion anchors as 
necessary, so that the sustained tensile test load values and 
the magnitude of displacement used to evaluate creep would 
be realistic numbers. To accomplish this objective, the scope 
of the research work included 

• Classifying the variety of mechanical expansion anchors 
available; 

• Conducting short-term direct tension tests and sustained 
tensile load (creep) tests; 

• Determining physical properties, chemical composition, 
and corrosion resistance of suitable anchors; 

• Developing a precise test method; and 
• Revising the standard specification. 

DESCRIPTION OF TEST PROGRAM 

Test Program Phases 

To satisfy the project objective, the testing program was divided 
into five phases: 

• Phase 1: Classifying various mechanical expansion anchors 
into distinct categories and determining anchor properties such 
as chemical composition, hardness, and corrosion resistance; 
performing chemical analysis on mechanical expansion anchors 
to determine percentage of key elements in the anchor metal. 

• Phase 2: Conducting short-term direct tension tests to 
determine approximate system yield points and maximum 
pullout strengths for each anchor type. 

• Phase 3: Conducting sustained tensile load tests to deter
mine appropriate sustained load levels and typical magnitudes 
of creep for anchors in each major category and type; devel
oping a comprehensive test method to evaluate creep of 
mechanical expansion anchors was done concurrently. 

• Phase 4: Conducting additional sustained tensile load tests 
while varying the compressive strength of concrete in the test 
slabs to evaluate the effect of lower compressive strengths on 
the ability of anchors to resist sustained loads. 

• Phase 5: Revising Section 75-1.03 of the July 1984 Cal
trans Standard Specifications to reflect research results. 

Classification of Mechanical Expansion Anchors 

Through a literature search performed early in the project, a 
listing of 14 mechanical expansion anchor companies in the 
United States-Ackerman Johnson (formerly Illinois), CEB 
Corporation (formerly Chicago), Cunningham, Hilti, Liebig, 
Molly, Phillips, Ramset, Rawlplug, Star, U.S.E. Diamond, 
Universal, Wej-it, and Williams-was compiled. 
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A preliminary evaluation of more than 80 different mechan
ical expansion anchors was made. Anchors were grouped into 
one of five categories shown in Table 1. Classifications were 
made based on appearance, dimensions, method of function
ing, and unique physical characteristics. 

Test Specimens 

Mechanical Expansion Anchors 

All mechanical expansion anchors used for testing had a 
standard zinc-electroplated coating. Anchor lengths tested were 
generally the shortest available . 

Phase 1: Samples of V2- and %-in.-diameter mechanical 
expansion anchors from six major manufacturers were chosen 
for evaluation to determine hardness of anchor parts, chem
ical composition, and potential for corrosion in a salt spray 
environment. These manufacturers were Hilti, Molly, Phil
lips, Ramset, Rawlplug , and Star. 

Phase 2: A total of 465 mechanical expansion anchors from 
14 manufacturers were tested for ultimate tensile strength. 
Anchor sizes evaluated were V4-, 112-, and %-in.-diameter in 
the shell and stud categories and additional sizes in the mis
cellaneous category. 

Phase 3: A total of 322 mechanical expansion anchors were 
tested for periods up to 100 hr to determine creep behavior 
under a sustained tensile load. Sizes and types of anchors 
tested are shown in Table 2. Tests were performed in unrein
forced concrete slabs having nominal compressive strengths 
of 5,000 psi. Anchor categories evaluated included the shell 
and stud. Sizes tested included the Y4-, V2-, and %-in.-diameter 
anchors. Manufacturers of anchors evaluated included Hilti, 
Molly, Phillips, Ramset, Rawlplug, and Star. 

Phase 4: A total of 72 mechanical exp;msion anchors, whic.h 
appeared to be acceptable from the results of Phase 3 testing, 
were evaluated in concrete of a lower compressive strength 
(4,000 psi) to determine its effects on creep. Anchor sizes 
tested (shown in Table 3) include Y4-, V2-, and %-in. diameters. 
Anchors from the same manufacturers evaluated in Phase 3 
were used here . 

Concrete Slabs 

Ready-mix concrete was used to construct test slabs, which 
were unreinforced. The aggregate used conformed to the 1-
in . maximum grading in Caltrans Standard Specifications (CSS) 
(Jan. 1988, Section 90-3.04). For testing in Phases 2 and 3, a 
Class A concrete (CSS, Jan. 1988), containing 564 pounds of 
Type II modified portland cement per cubic yard (six-sack 
mix) was used. The average slump attained was 3 in. The 
average compressive strength of each test slab was determined 
by averaging compressive strengths of three 6- x 12-in. con
crete cylinders made and cured with the slabs. The average 
compressive strength of concrete used in Phase 2 test slabs 
was 4,000 psi. The average compressive strength of concrete 
in all Phase 3 test slabs at the time of testing was between 
4,800 and 5,200 psi. For Phase 4 testing, a lower strength 
Class B concrete (CSS, Jan. 1988) was used, which contained 
470 pounds of Type II modified portland cement per cubic 
yard (five-sack mix). The average slump attained was 4 in. 
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TABLE 1 GROUPINGS OF MECHANICAL EXPANSION ANCHORS 

CATEGORY/TYPE GENERAL CHARACTERISTICS 

1. SHELL Thick-walled steel sleeves have internal 

a. Non-drilling External Plug threads in the top half, and are slotted 

a ==- near the base of the sleeve. The slotted 

b. Non-drilling Internal Plug base is expanded with either an external 

I ~ internal tapered plug. The mounting or 
' 

c. Self-drilling External Plug stud or bolt is separate from the shell 

E3·f· ~~ body and is not furnished with anchor. 

2. STUD A special steel rod is threaded at the 

a. External Plug top end and develops grip by either 

;~\i\\tlli\~~·~'5fff= spreading the base of the stud with a 

b. Wedg~ hard tapered plug or wedging a thin 

steel collar between a cone-shaped base «~----1. ;'I-· ;j 
c. 

Sleeve I (4=• ![tj: and the hole sides. 

~ lo 

3. EXPANSION SHIELD A two-piece die-cast zinc shell is ex-

a. Single panded with an internally threaded 

~ cone. The shield is set by applying 

b. Double torque to the mounting bolt. 

~ 
4. CAULKING 

~~j 
This two-piece anchor is comprised of 

a. Single a lead sleeve and die-cast zinc threaded ,_ J.i 
- . 

,-..-I cone. The anchor is set by driving the 

b. Multiple :JP ~ lead sleeve around the cone. 

I, ; I 
5. MISCELLANEOUS Special mechanical expansion anchors 

with unique or hybrid features. 

The average compressive strength of concrete used in all low
strength test slabs at the time of testing was between 3,800 
and 4,200 psi. 

• Nominal drill bit diameter required (although the diam
eter tolerance of the carbide tip was not typically specified 
by the manufacturer); 

Test slabs for evaluating V4- and 1/2-in.-diameter anchors 
were approximately 5V2 in. deep. Test slabs for evaluating 
%-in.-diameter anchors were approximately 7V2 in. deep. 

Installation of Anchors 

Anchorage devices were installed according to the manufac
turer's specific instructions when supplied. Manufacturers 
normally provided most of the following information: 

• Minimum hole depth; 
• Required use of a special installation tool; and 
• For stud anchors, specified turn-of-nut or torque value 

to be applied to set anchors. 

A rotary impact hammer with carbide-tipped bits was used 
to drill all holes in the hardened concrete slabs. The diameters 
of the drill bit tips were measured frequently to ensure con
formance to limits prescribed in ANSI Standard B94.12-1977. 
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TABLE 2 SUMMARY OF SUSTAINED LOAD TESTING CONDUCTED IN 
PHASE 3 

Sustained tensile test loads (pounrls)/nurnher testerl 

Shell Sturl Total 

Size Int. Plug Ext. Plug Ext. Plug Werlge Test erl 

1250/9 1000/ 5 l.000/13 1000/l l 

1/4 * 1500/11 1500/7 1500/7 1500/9 95 

180() / 3 1800/ f; 1800/8 1800/6 

3400/3 3400 / 9 34()0/9 3400 / 15 

3500/2 360(1/10 

l/2 * 4000/7 3800/R 94 

4300/2 4000/2 

4500/14 4200/3 

5000/10 

5000/9 5000/1:\ 5000/1.4 5000/2 5 

3/4 * 6000/24 6000/9 6000/8 5500/9 133 

7000/5 6000/17 

8000/7 

Total 

Tests/ 106 42 59 115 32l' 

Type 

* Size in inches 

TABLE 3 SUMMARY OF SUSTAINED LOAD TESTING CONDUCTED IN PHASE 4 

Type Sturl 

Size Wedge Ext. Pl UCJ Int. 

1/2 9 q 

3/4 9 9 

Total No. of 
18 18 

Tests per Type 

Uniform hole depths were intentionally chosen for each 
different anchor type and diameter evaluated, with the excep
tion of shell anchors. The depth selected for a particular anchor 
type was the largest minimum depth specified by any of the 
manufacturers whose anchors were being tested. All mini
mum hole depths specified for shell anchors, however, were 
increased Y2 in. This current Caltrans requirement (6) ensures 
that anchors are securely seated. All installation holes drilled 

9 

9 

18 

She 11 Test Total N.umher 
of 

Loarl, Tests/ 

Plug Ext. Plug lbs. Size 

9 3400 3fi 

9 5000 36 

18 72 

in concrete slabs were thoroughly cleaned after drilling by 
blowing out dust and debris with compressed air and a nozzle. 

One installation torque value was selected for all anchors 
tested in each anchor classification, type, and size. A single 
value was determined for a particular anchor type so that the 
torque would be within ranges recommended by other man
ufacturers of similar anchors being tested. Researchers felt 
this procedure would ensure consistency in installation so that 
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results could be compared directly. Values of other param
eters, including hole depth, tip diameter of drill bits, setting 
procedures used, and installation torque versus turn-of-nut 
values, were measured and recorded for each test. 

Test Equipment and Procedures 

All anchors evaluated in this research were tested under con
ditions similar to those encountered in Caltrans' contracts . 
Installation and testing were performed according to require
ments and procedures in California Test 681 (7), a standard 
test method developed in this research project for evaluating 
creep of mechanical expansion anchors. 

NUT 8 WASHER 

5 

Short-Term Direct Tension Pullout Tests (Phase 2) 

A minimum of three replicate tests was performed on anchors 
from each manufacturer tested. Minimum edge distance for 
all anchors tested in Phase 2 and subsequent phases was 5 
hole diameters, and minimum spacing between all anchors 
was 10 hole diameters. If dispersion of pullout data was large 
and the results from any one test deviated more than 15 per
cent from the mean , then two additional pullout tests were 
performed. 

A special movable loading frame, shown in Figure 1, sup
ported the hydraulic ram and load cell. A set of interchange
able base rings with different diameters was made and a ring 
was chosen that would avoid any reaction on the concrete 

PULL BAR 

LOAD CELL 

HYDRAULIC JACK 

8
11 cjl x t" THICK STEEL CYLINDER 

// 
10" Q> STEEL PLATE 
SWIVEL JOINT ASSEMBLY 

REMOVABLE 
BASE RING 

1
11 

THICK BASE PLATE 

MECHANICAL EXPANSION ANCHOR 

-<.O 
N 

I 
I \ 
I\ ,, ,, 

b . ELEVATION VIEW 

,, ,, , .... 
'~:::::::= =:::::. 

----- 26"-----... 

a. PLAN VIEW 

I 

I 

~ 

I 

FIGURE 1 Portable testing apparatus wr conducting short-term ultimate tension load tests. 
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slab close to the mechanical expansion anchor. The external 
tensile load was applied to installed expansion anchors through 
a load collar, which simulated a base plate. The load collar 
was held firmly against the concrete surface by preload in the 
anchor stud, which was required when installing all anchors. 
Two interlocked chain shackles eliminated bending moments 
and linked the load collar to the pull rod. The pull rod extended 
through a hydraulic ram and load cell. 

A stiff steel arm was used to support two linear potentiom
eters whose readings were averaged to determine mean dis
placement. The arm was securely attached to the load collar 
by a threaded cap. 

In all tests performed, graphs of axial tensile load versus 
time and anchor displacement versus time were plotted simul
taneously by an XYY recorder. 

At the beginning of each pullout test, a small external ten
sile load was applied to the pull rod to seat parts of the testing 
apparatus. External loads were applied so that the time required 
to reach the ultimate load was between 60 and 90 sec. For 
V4-in.-diameter anchors, loading rates ranged from 1 to 3 kips 
per minute. Loading rates for the V2-in.-diameter anchors were 
5.6 to 8 kips per minute. The %-in.-diameter anchors were 
loaded at rates ranging from 12 to 20 kips per minute. Tests were 
continued until anchor displacement exceeded 0.5 in. 

Creep Tests on Anchors in 5,000 psi Concrete 
(Phase 3) 

Both stud- and shell-type anchors were tested by applying a 
sustained axial load for periods of up to 100 hr to determine 
the amount of displacement. Concrete having a compressive 
strength of 5,000 psi was used for all tests in Phase 3. 

A constant sustained external load was maintained on each 
mechanical anchor by forces from stiff, compressed railroad 
car springs, bearing plates, and a pull rod. A sketch of the 
test apparatus is shown in Figure 2. Tensile loads were initially 
applied by a 120-kip single acting ram. The appropriate tensile 
load could be locked off using a nut that was on the pull rod, 
just below the load cell. As in short-term pullout testing, 
external loads were transferred to the installed expansion anchor 
through the base of a load collar. Studs of all mechanical 
expansion anchors were preloaded during installation with a 
specific torque to firmly press the base of the load collar 
against the surface of the concrete slab. 

In this paper, the term creep is defined as the total move
ment of the bottom surface of the anchor nut, relative to the 
surface of the concrete slab, that occurs from the time after 
the anchor has been installed and the installation torque has 
been applied until the 48-hr test period-during which the 
anchor is subjected to the full sustained test load-has elapsed. 
This movement or displacement includes initial slip and elastic 
stretch of the stud, as well as any creep occurring in the test 
period. 

The sustained tension test loads were applied at a constant 
rate not greater than 1,000 lb/min. until the desired load was 
reached. Sustained loads were maintained to within :!:: 5 per
cent of the initial settings for the duration of each test. As 
the test program progressed, magnitudes of the sustained ten
sile test loads were adjusted downward below slip points (the 
level at which major anchor movement or displacement first 
occurs) as necessary until acceptable anchor creep was achieved. 
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Magnitudes of sustained test loads were finally deemed 
acceptable when anchors from at least 50 percent of the man
ufacturers tested passed. In the earlier 1981 Caltrans Standard 
Specifications (Section 75-1.03), anchors were deemed accept
able when they could maintain the specified tension test load 
for 100 hr without displacing more than 0.050 in. Test loads 
were maintained for 100 hr in all creep tests performed on 
%- and %-in.-diameter anchors. From the analysis of creep 
data from %- and %-in.-diameter anchors in this research, it 
was determined that the test duration could be reduced to 48 
hr. For all tests conducted on V2-in.-diameter anchors, test 
loads were maintained only for a 48-hr period. 

Hardness, Chemical Analysis, and Corrosion Tests 
(Phase 1) 

To minimize the number of samples evaluated, Phase 1 testing 
was performed after completing work on Phases 2 and 3. At 
least three hardness readings were taken on each specimen. 
The type of metal used in anchor parts was determined using 
various types of elemental chemical evaluations. 

Salt spray corrosion testing was conducted to determine the 
relative protection provided by the thin coating of electro
plated zinc typically found on most mechanical expansion 
anchors, when subjected to a moderate or severely corrosive 
environment. 

Three anchors from each of the six major manufacturers 
were iusiailed in concrete test blocks and exposed to salt spray 
testing (ASTM B117-73) for varying lengths of time. Galva
nized steel base plates were secured to concrete test blocks 
with mechanical expansion anchors using typical installation 
procedures to simulate real field conditions. Different spec
imens were removed from the salt spray chamber after various 
lengths of exposure up to 48 days (1,152 hr), then were disas
sembled, broken open and inspected for corrosion. 

Creep Tests on Anchors in 4,000 psi Concrete 
(Phase 4) 

Both V2- and %-in.-diameter stud- and shell-type anchors were 
tested in a lower-strength concrete having a compressive 
strength ranging from 3,800 to 4,200 psi, using similar pro
cedures as in Phase 3. External sustained load levels used in 
Phase 4 testing were the maximum levels determined in Phase 
3 testing, where over 50 percent of the manufacturers tested 
were capable of maintaining the applied load with less than 
0.050-in. total displacement. Test loads were maintained for 
periods of 48 hr. 

DISCUSSION OF TEST RES UL TS 

Phase 1: 

Material Hardness and Chemical Analysis 

Through preliminary chemical analysis, some of the anchor 
types were eliminated from consideration because they were 
fabricated from metals other than steel or stainless steel. No 
significant findings resulted from hardness tests. 
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FIGURE 2 Sustained tension load testing apparatus used to evaluate creep (elevation view) . 

Corrosion Resistance 

In salt spray testing representing a severely corrosive atmos
phere, moderate corrosion of mechanical anchor parts that 
were electroplated with zinc (nut, stud tip, and washer) and 
located above the concrete surface was typical in a relatively 
short time period. Below the surface of the concrete, however, 
the amount of sacrificial zinc corrosion of the mechanical 
anchor bodies observed was relatively minor and only a small 
amount of corrosion of the lower anchor body steel occurred. 

Phase 2: Short-Term Direct Tension Pullout Tests 

Ultimate tensile loads obtained for mechanical expansion 
anchors tested in short-term pullout are listed in Table 4. With 
few exceptions, test results of individual anchors found in this 

research were below manufacturer's published data for the 
ultimate tensile loads. 

Large variations in mean ultimate strengths were noted 
between the different types of anchors tested. In addition, 
variations in ultimate tensile strengths of individual anchor 
tests for a given anchor type were from - 5 percent to + 50 
percent from the mean strength. 

In general, both shell-type anchors tested performed well 
relative to stud-type anchors. Although mean ultimate pullout 
strengths for some stud-type anchors tested exceeded those 
of some shell anchor types, displacements at design loads were 
small .. 

Stud sleeve-type anchors exhibited the lowest overall aver
age ultimate tensile load value in the %- and %-in.-diameter 
sizes. 

The main objective of this project-developing a reason
able specification-was accomplished without thoroughly testing 
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TABLE 4 MEAN ULTIMATE TENSILE PULLOUT LOADS FROM SHORT-TERM TENSILE TESTS CONDUCTED IN PHASE 2 

MEAN ULTIMATE TENSILE PULLOUT LOAOS, KIPS 

' """""'" ' ~ 
CATEGORY ... ·~ 

~ ~ ~ _,. t.~ ( •. <"..., ~ 1: .,.1' ~ ~.,,,. ~~ ~ 1- 0 ~.,.,, ~G' ~,.. ~ ~~,A",/' ~ 

Non-Or1111 ng 1/4 4. ?.1 - - - -
Extern• I Pl ug 1/2 4.43 - - - -

SUELL 3/ 4 9, 3 - - - -
Ron-Ori 111 ng 1/ 4 z.~z 2.J8 
Internal Plug 1/2 6 . 49 - 7.JR - -

3/4 10.5 - 10.8 - -
1/4 I. 72 - -- - -

External Plug 1/2 5.93 - -- - -
3/4 - - - - -
1/4 2.39 1. 66 -

STUD Wedge 1/2 - 4. 39 4.42 - -
3/4 - 9. 6 9.2 - -
1/4 - - - - -

Sleeve 1/2 - - - - -
3/4 - - - - -
1/4 - 3.5g 
5/ 16 - - Ii.QI - -

HI SCELLMEOOS 1/2 - 8.57 11.35 6.5 11.63 
5/8 - - 28.95 - -
3/4 - 14.18 -- 7.0 16.2 

TOTAL . N~DER 32 21 36 10 16 
TESTED 

the many specialized anchors belonging to the miscellaneous 
category. 

Phase 3: Creep Tests on Anchors in 5,000 psi 
Concrete 

Results of creep tests conducted on the various types of 
mechanical expansion anchors tested are summarized in Tables 
5 and 6. It was concluded from the observations made from 
results of these tests, that short-term creep behavior of an 
anchor could be predicted just as well after 48 hr of testing 
as after 100 hr of testing were performed. 

In general, the amount of anchor displacement measured 
during creep testing varied considerably, even between rep
licate tests within the same anchor type. Sufficient initial pre
loading of mechanical expansion anchors during installation 
is important in minimizing total creep and, hence, keeping 
the fixture from working loose. 

The best expansion anchor type was found to be the shell 
internal plug. The performance of this type of anchor was 
characterized by its ability to carry higher sustained loads with 
low displacements and good reliability. 

Displacements noted with the Y4-in.-diameter anchors were 
so inconsistent that their test results were not used to form 
conclusions in this report. This variability can be explained 
by the heterogenous nature of concrete having more influence 
on small anchors with limited grip area. 

Sustained tensile loads that could be maintained by Y2-in.
diameter mechanical expansion anchors ranged from 3 ,400 to 
5,000 lb, and those that could be maintained by %-in.-diameter 
anchors ranged from 5,000 to 8,000 lb. 

In conjunction with performing creep tests in Phase 3, a 
standard test method, California Test 681, was developed and 
printed in March 1985 (7). 

-
--
z.~11 

7.6J 
6.3 
-
-
-
2.00 
5.'12 

10.5 
--
-
-
-
--
26 

3. 42 - 4 .o< 1.1!8 - -- - -
7 .02 - 7 .35 5.97 - -- - -

11.78 - IJ. 8 8 , J - -- - -
7. .48 J.{~ 2." 7. .1 ~ 7..11~ 

6. 99 7. 58 6 . fi J - J. q~ 7. 7R - -
8. 7 R.9 9. 27 - 4,9 10,3 - -
2.no - I. II 2. nr - -- - -
5.80 - 4.84 fi.14 - -- - -

10.0 - 10.5 10.9 - -- - -
1.82 ··~" ?. .on 2. 3'1 I. Tl l.'15 -- -
4. 7R 5.11 4.35 5.RI 5.RC 5. 00 - -
7.6 9.J 10.3 11.0 11.0 8. 2 - -
0. J 8 11.44 U.'flJ 1.5 - 1.44 - -
5.15 4.77 3. 3S 4.19 - 3.06 - -
6,65 5.7 5.6 5.7 - 5. 3 - -

- - ?. • JI l.n~ 

- - - -- - -- -- -
- - - -- R.4R - 2. 70 fi.12 
-- - - - - -- -- --- - - -- 11.48 -- 6.12 -
67 39 66 51 39 42 15 s 

Phase 4: Creep Tests on Anchors in 4,000 psi 
Concrete 

3. 42 Ill 
Ii.Oii 21 

10.8 14 
Z.4'f 2'f 
6.RI 40 
8. 71 40 
I.RI! 16 
5.611 IA 

10 . 5 11 
1. 99 41 
5.06 42 
Q.6 31 
0 . 93 23 
4.1 24 
5 . 8 17 
2 . JZ IS 
6.91 3 
fl. 76 33 

?.R.95 5 
11.0 24 

465 

Although only a limited amount of creep testing was con
ducted using Class B concrete (CSS, Jan . 1988) with a com
pressive strength of between 3,800 and 4,200 psi, results show 
that for both the V2- and %-in. mechanical expansion anchors 
tested, anchor displacement usually increases as concrete 
strength decreases. The small number of tests performed pre
vented a detailed evaluation of the effects of low concrete 
strength. 

Phase 5: Revisions to Caltrans Standard 
Specification 75-1.03 

As a result of the research conducted (J), appropriate revi
sions to the Caltrans standard specification that addresses 
mechanical expansion anchors was successfully revised. 

CONCLUSIONS AND RECOMMENDATIONS 

More than 850 ultimate pullout and creep tests were per
formed in this study. Based on the results of the research, a 
number of conclusions were drawn and recommendations made, 
as described in the following subsections. 

Revised Standard Specification and New Test 
Method 

Section 75-1.03 of the January 1988 edition of the Caltrans 
Standard Specifications is suitable for evaluating mechanical 
expansion anchors,% in. and smaller. The key points of the 
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TABLE 5 CREEP TEST RESULTS OF SHELL MECHANICAL EXPANSION ANCHORS 

Shel 1 Anchor Types and Sizes 

INTERNAL PLllG EXTERNAL PLUG 
Sustained 
Load Test 1/4-lnch 1/2-lnch 314- [nch 1/4-lnch 1/2-lnch 314-lnch 

Manufacturer Performance @ 1250 lbs. Varies Varies ~ 1000 lbs. @ 3400 lbs. Varies 

Passed 
H!LTI N/A NIA- -NIA- >--NIA --

Did Not HO[* HO[ 
Pass• 5490024 5490040 

@ 4000 lbs. @ 5000 l bs. 

Passed Drop- ln Drop- r n Drop- [ n 
MDl-14 HD!-12 HD!-34 

@ 4500 lbs. @ 5000 lbs . 
MOLLY NIA--N/A->--NIA --

Did Not 
Pass* 

Passed Multi -Set Mil ti-Set Non-dri 11 i ng Non-dri 11 i ng 
MS-14 RM-12 J-14 J-12 

@ 3400 1 bs. 
PHILLIPS 

Did Not Multi-Seti! Non-drilling 
Pass• RH-34 J-34 

@ 500 lbs. @ soon lbs. 

Passed Oynaset 
Orop- [n 
OS-34 
@ 6000 lbs. 

RAMS ET NIA NIA->-NIA--
01 d Not Dyna set OynasP.t* 
Pass• Drop- r n Drop-ln 

DS-14 DS-12 
@ 35DO lbs. 

Passed Steel Steel Steel Steel 
Orop-rn Drop-ln Drop-In Drop-ln 
6308 6312 6465 6468 
@ 4DOD lbs. @ 6000 lbs. @ 60DO lbs . 

RAWL PLUG N/A 
Did Not **Steel 
Pass* Drop- In 

6460 

Passed 
STAR NIA - >-NIA- - N/A NI A 

Did Not Steel* Stee l 
Pass• Anchor Anchor 

3435-00800 3455-00800 
@ 3000 lbs . 

Many of the anchors were tested at sustained loads that were higher than those rec011111ended in the 
revised spec1f1cat1on .. If retested at the lower reconvnended test loads, anchors may pass. 

Only two tests run; both passed. 

••• N. A. - Anchor type not available. 

revised specification include (a) requiring all anchor metal to 
be steel with a corrosion resistant coating or stainless steel, 
(b) limiting mechanical expansion anchor displacements to 
0.035 in. while being subjected to regulated sustained external 
tensile loads for 48 hr, and (c) applying specified installation 
torque values to all mechanical expansion anchors during 
installation. 

The standard test method for determining creep, California 
Test 681, provides a satisfactory method for determining short
term creep (7). 

General Conclusions 

There was a wide variation in performance of the mechanical 
expansion anchors tested in this research and often incon
sistent and erratic behavior was noted, even under the best 
conditions. 

It is evident, after doing considerable static testing, that 
performance of mechanical expansion anchors cannot be 

determined easily without considering many different varia
bles. The most important include soundness, age, and com
pressive strength of concrete, proper diameter of drilled holes, 
thorough cleaning of holes and use of proper installation tech
niques, and edge distance and spacing of anchors. 

This research has demonstrated that minor differences in 
anchor dimensions and design can significantly affect anchor 
performance. It was found that just because one particular 
size of a certain anchor type and brand may pass a creep test, 
there is no assurance that similar anchors of the same type 
but a different size will perform satisfactorily. 

The use of mechanical expansion anchors should be limited 
to minor, noncritical applications. Where long-term structural 
strength or dynamic loading of a cyclic nature are involved 
or where nonredundant anchor failure would probably lead 
to injuries, it is recommended that a more positive bonding 
system, such as resin capsule anchors, magnesium phosphate 
concrete, or other suitable noncorrosive grout systems, be 
considered. Also, it would seem prudent to maintain the cur
rent practice of limiting the size of mechanical expansion anchors 
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TABLE 6 CREEP TEST RESULTS OF STUD MECHANICAL EXPANSION ANCHORS 

Stud Anchor Types and Sizes 

WEOGE EXTERNAL PLUG 
Sustained 
Load Test 1/4-lnch 1/2-lnch 3/4-lnch 1/4-lnch 1/2-lnch 3/4-lnch 

Manufacturer Performance Vari es Vari es @ 5onn lbs. @ 1000 lbs. @ 3400 lbs. @ 5000 lbs. 

Passed 
HILT! N/A - i---- N/A N/A-

Did Not Kwi k-Bol t Kwik-Bolt Kwi k-Bol t 
Pass* 5500004 5500052* 5500096 

@ lOOO lbs. @ 3400 lbs. 

Passed Parabol t 
PR 12-234 
@ 3600 lbs. 

MOLLY 

I 
N/A N/A--NIA-

Did Not Parabolt Parabolt 
Pass* PR 14-134 PB 34-~J4 

@ 1500 

Passed Stud 
JS-12C 

PHILLIPS N/A 
Did Not Wedge"" Wedge Stud 
Pass* ws 1226 ws 3446 JS-14C Stud 

@ 3400 l bs JS-34C 

Passed Trubolt 
T34434 

RAM SET ~/A N/A N/A N/A--
Did Not Trubolt* 
Pass* Tl2234 

@ 3400 lbs. 

Passed Rawl stud Rawl stud Set-Bolt Set-Bolt 
7400 7440 7145 71B9 
@ 1000 lbs. 

RAWL PLUG N/A 
Did Not Rawl stud* 
Pass• 7420 

@ 3400 1 bs. 

Passed Stud Bolt Stud Bolt Star Stud 
3535-26000 3555-42000 3835-26000 
@ 3400 1 bs. 

STAR 
Did Not Stud Rolt Star Stud Star Stud 
Pass• 3515-15000 3815-16000 3855-42000 

@ 1000 lbs. 

Many of the anchors were tested at sustained loads that were higher than those recormnended in the revised 
speci Fi cation. If retested at the lower reco1T1J1ended test loads, anchors may pass. 

Only two te:;t:; run: both pil:ned. 

••• N. A. - Anchor type not available. 

to a maximum of % in. as specified in Caltrans Bridge Con
struction Memo 135-5.0 (6), and using redundant anchor pat
terns if possible. 

Self-drilling mechanical expansion anchors are not rec
ommended for use. This recommendation is based on pre
vious research observations in which damage to the drill teeth 
after installation (2) and cracking in hardened skirts in installed 
anchors after fatigue loading (5) were observed. 

Further testing is recommended to determine whether 
allowable design loads typically used by Caltrans designers 
(not greater than 50 percent of the sustained tension test loads 
for static load conditions) are too conservative and whether 
long-term creep, which results at working load levels, will be 
acceptable. 

Best Types of Mechanical Expansion Anchors 

Of the various categories and types of mechanical expansion 
anchors tested, the two found to perform the best were the 
shell nondrilling internal plug and the stud wedge anchors. 

A list of anchors that were tested under a sustained tensile 
load during this project and found to meet creep requirements 
of the revised specification is included in Tables 5 and 6. Some 

of the V2-in.-diameter anchors tested did not meet a trial 3,400-
lb test load used in this research. If retested at the lower 
3,200-lb test load in the current specification, they may be 
found to be acceptable. 

Corrosion Resistance 

Standard mechanical expansion anchor parts, which are typ
ically electroplated with zinc, are satisfactory for rust protec
tion of steel only in mildly corrosive environments. 

Sealing the drilled hole with a high-quality silicone sealant, 
after installing the mechanical expansion anchor, is an effec
tive way to help protect the lower gripping portion of the 
anchor from corrosion. 

It is recommended that when a corrosive environment is 
present and a design life of over 15 yr is desired, mechanical 
expansion anchors be made from a suitable grade of stainless 
steel. It may be necessary, however, to reduce the allowable 
design loads when such anchors are specified, because, in 
limited creep testing performed outside the scope of this proj
ect, it was found that the creep of certain galvanized and 
stainless steel mechanical expansion anchors was higher than 
that found with standard electroplated zinc fasteners. Further 
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work with special corrosion resistant anchor finishes and types 
was outside the scope of this project. It is recommended that 
special corrosion resistant anchors be tested before use and 
design loads adjusted accordingly. 

Recommended Installation Techniques 

It was concluded that the following installation rules are 
important: 

• Use rotary impact drilling equipment with sharp carbide
tipped bits whose tip diameters meet dimensional tolerances 
in ANSI Specification 894.12-1977 or bit tolerances required 
by manufacturers. Drill equipment in good condition is required 
to produce round straight holes with minimal effort. Proper 
hole diameter ensures adequate, but not excessive, expansion 
of the heads on mechanical expansion anchors. 

• Clean drilled holes thoroughly. Use oil-free compressed 
air or a vacuum cleaner to remove loose drill dust. For opti
mum results, brush hole sides to loosen drill dust and increase 
friction. 

• Follow proper anchor setting techniques specified by 
manufacturer; this includes use of setting tools recommended 
by manufacturer. Set shell-type anchors , normally flush 
mounted, from Y2 to 1 in. below the concrete surface to help 
determine if properly set (6). 

• Use installation torque values specified by the manufac
turer, if available, or those listed in the revised Section 75-
1.03 of the January 1988 Caltrans Standard Specifications . 
Adequate installation torque (preload) was deemed to be 
important in removing short-term slip and reducing creep, 
especially in stud wedge-type anchors. 

Shell external plug-type anchors can be inconvenient to 
install because during installation the external expander plug 
occasionally falls out of the hole in the bottom of the body 
while the anchors are being tapped into the drilled holes . 

Few problems were experienced when installing stud anchors 
(wedge or external plug). One exception is with stud external 
plug anchors having bodies less than Y2 in. in diameter. These 
can be easily bent if the top of the stud is hit too hard or at 
a slight angle while setting. Top threads of the stud can be 

JI 

damaged during setting by glancing or off-centered hammer 
blows if not protected by a nut. 
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Rational Design Approach for Integral 
Abutment Bridge Piles 

ROBERT E. ABENDROTH AND LOWELL F. GREIMANN 

"The piles for an integral abutment bridge are subjected to hori
zontal movements caused by the expansion and contraction of the 
bridge superstructure. To design the abutment piles properly, a 
rational design approach was developed to simplify the complex 
behavior associated with pile and soil interaction. Fundamental 
principles for two pile design alternatives that were formulated in 
a recently completed research study involving experimental and 
analytical investigations are presented. Alternative 1 was based 
on elastic behavior and is recommended for piles with limited 
ductility, such as timber, concrete, and steel sections having insuf
ficient moment-rotation capacity. Alternative 2 was based on in
elastic behavior involving plastic redistribution of internal forces 
caused by the lateral displacement of the pile head and is rec
ommended for piles with adequate moment-rotation capacity at 
plastic hinge locations. Steel piles do not have to be classified as 
compact sections to meet the moment-rotation requirement. A 
ductility criterion, expressed in terms of lateral pile head displace
ment, is given lO evaiuaie whether the moment-rotation capacity 
of an HP-shaped pile exceeds the moment rotation demand. To 
illustrate both design alternatives, a design example for a steel, 
HP-shaped, friction pile is presented. For the specific example, 
Alternative 2 is shown to permit the safe design of integral abut
ment bridges that are substantially longer than those designed 
according to Alternative 1. 

Jointless bridges do not contain traditional expansion joints 
between the abutments and the bridge superstructure. Instead, 
the bridge girders and the abutments are connected together 
forming rigid joints. The piles of the integral abutment are 
subjected to horizontal movement as the bridge superstruc
ture expands and contracts as a result of seasonal temperature 
changes. The induced axial and bending stresses in the abut
ment piles limit the total bridge length. These bridge length 
limitations vary considerably from state to state because a 
consistent pile design philosophy has not been established by 
the state departments of transportation or AASHTO. Recently 
conducted surveys (1-4) have shown that integral abutment 
bridges have been designed with a variety of specialized details. 
To establish rational pile design criteria, an experimental and 
analytical study (5) was recently completed. This research 
involved one-tenth scale laboratory pile tests, full-scale field 
tests of piles, and finite element investigations using a pre
viously developed analytical model (2, 6) that accounts for 
nonlinearity of both the soil and pile behavior. The design 
method summarized in this paper represents a refinement of a 
method, previously published by Greimann and Wolde-Tinsae 
(7) , that incorporates the AASHTO Specification on beam
column design. Equivalent cantilevers replace the actual pile 

Bridge Engineering Center, Town Engineering Building, Iowa Sta te 
University, Ames, Iowa 50011 . 

for design purposes. The problem of pile ductility (inelastic 
hinge rotation capacity) associated with lateral pile head dis
placements was also not addressed in the Greimann and Wolde
Tinsae paper (7). 

Two pile design alternatives are presented that address the 
following three AASHTO Specification design criteria: 

• Capacity of the pile as a structural member (Case A) ; 
• Capacity of the pile to transfer the load to the ground 

(Case B); and 
• Capacity of the ground to support the load (Case C) . 

Alternative 1 is a conventional elastic design approach, 
whereas Alternative 2 is an inelastic design approach that 
recognizes redistribution principles, when adequate pile duc
tility exists. An example is presented for the design of an HP
shaped friction pile to illustrate both design alternatives . 

PILES DESIGNED AS BEAM-COLUMNS 
(AASHTO CASE A) 

Equivalent Cantilevers 

A pile embedded in soil can be analytically modeled as an 
equivalent beam-column without transverse loads between 
the member ends and with a base fixed at a specific soil depth. 
Either a fixed head or pinned head for the beam-column 
approximates the actual rotational restraint at the pile head. 
Figure 1 shows an idealized fixed-headed pile for both an 
"actual" system and the corresponding equivalent cantilever 
system. The total length, L , of the equivalent cantilever equals 
the sum of the length, !,,, above the ground and the length, 
!., from the soil surface to the fixed base of the equivalent 
cantilever. The three equivalent cantilever lengths (8) con
sidered in the development of the design alternatives were 
the horizontal stiffness of the soil and pile system, the max
imum moment in the pile, and the elastic buckling load of 
the pile. The pile lengths z. and !,. can be nondimensionalized 
by the length, (, that defines whether the pile behaves as a 
rigid or flexible pile (9). The length le is given as 

(1) 

where Eis the modulus of elasticity for the pile material , I is 
the moment of inertia of the pile with respect to the plane of 
bending, and k,, is the horizontal stiffness of the soil. Grei
mann, et al. (5) developed a nondimensionalized relationship 
between /,. and I. for a fixed-headed pile (Figure 2) and for a 
pinned-headed pile in a uniform soil. 
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FIGURE I Cantilever idealization of a fixed-headed pile. 

For nonuniform soil conditions, an equivalent uniform lat
eral soil stiffness parameter, k,, is needed to evaluate the 
length le. Figure 3a shows the lateral stiffness, kh, profile for 
a soil consisting of a sand overlaying a clay layer. The param
eter kh 1 represents the lateral stiffness of the sand at the depth 
/ 1 , whereas ki.2 is the lateral stiffness of the clay soil. To estab
lish k., the work done by the actual soil resistance (Figure 
3a) in moving through the lateral soil displacement (Figure 
3c) will be equated to the work done by the equivalent soil 
resistance (Figure 3b) in moving through the same soil dis
placement. Equating the external work expressions for both 
systems, 

(2) 

where the length !0 , given by Equation 3, is the active length 
of the pile in bending, which is taken as one-quarter of the 
deflected wave shape. 

(3) 

The displaced shape can be approximated by the straight line 
shown in Figure 3c, for which 

Xi 
y = fj,g ( 1 - t:,) (4) 

where !J.8 is the lateral displacement of the pile at the bottom 
of the abutment and x 1 is the depth below the abutment. 
Substituting Equation 4 into Equation 2 gives 

lo 

ke = ~ J kh(x) (!0 - X 1)
2 dx 

0 0 

(5) 

The integral expression in Equation S is the second moment 
of the area of the ki.(x) diagram (Figure 3a) taken about a 
line at the depth 10 • Because the length 10 is a function of k,, 
an iterative procedure is needed to calculate ke. 

Design Alternatives 1 and 2 

Design Alternative 1 is based on elastic pile behavior and 
neglects the potential reserve strength associated with plastic 
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FIGURE 2 Equivalent cantilever for fixed-headed pile in a uniform soil. 

hinge formations. Therefore, redistribution of internal forces 
is not permitted to occur for ultimate strength. This design 
method is a conventional elastic design procedure for the 
equivalent cantilever (beam-column) that considers all stresses 
developed in the pile. The lateral displacement, .:i, at the pile 
head, caused by expansion and contraction of the bridge 
superstructure, induces a first-order elastic end moment, M, 
given by 

M = D 1El.:i 
u (6) 

where the bending moment coefficient D, equals 6 or 3 for 
fixed-headed or pinned-headed piles, respectively. This moment 
can be anticipated to dramatically affect the pile capacity. 

Design Alternative 2 accounts for the redistribution of forces 
associated with plastic hinge formations in the pile as a result 
of lateral displacement of the pile head. The stresses induced 
by the horizontal pile head movement are considered not to 
significantly affect the pile ultimate strength, as long as the 
corresponding strains can be accommodated through ade
quate pile ductility. Neglecting these thermally induced pile 
stresses is justified by first-order plastic theory involving small 
displacements. According to this theory, the plastic collapse 
load is not affected by residual stresses, thermal stresses, 
imperfect fit, or, in this case, support movement (10,11), as 
long as local and lateral buckling are prevented. 

For Alternative 2, the axial pile load, P, produces a second
order bending moment as a result of the lateral displacement 
at the pile head. A conservative upper bound on this induced 
end moment is 

(7) 

where the bending moment coefficient D 2 equals one-half or 
unity for fixed-headed or pinned-headed piles, respectively. 

During the development of the design alternatives, com
parisons were made of ultimate strength predicted by both 
alternatives and the experimentally verified finite element 
solution (5). Local and lateral buckling were not considered, 
because the finite element analysis did not model this type of 
behavior. For an HP 10 x 42 pile, the results showed that 
both design alternatives were conservative, considering prac
tical ranges of sand density, clay stiffness, and column slen
derness. Alternative 1 was excessively conservative for small 
slenderness ratios where yielding controls over stability. The 
design alternatives and the finite element model predicted a 
decrease in the ultimate pile capacity with increasing hori
zontal head movement. 

Ductility Conditions 

Both design alternatives must satisfy local buckling criteria 
that are not as stringent as those given in Article 10.48.1 of 
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FIGURE 3 Horizontal soil stiffness and displacement: (a) actual soil, (b) equivalent soil, and (c) displaced shape. 

the AASHTO Specification. For Alternative 1, the width-to
thickness ratios of the cross-sectional elements must be limited 
to prevent local buckling before the yield moment is obtained. 
Applying Article 1.9 of the American Institute of Steel Con
struction (AISC) Specification (12), the standard rolled HP 
shapes satisfy these width-thickness criteria; therefore, local 
buckling will not govern the pile capacity for this design alter
native. 

Alternative 2 requires additional ductility beyond that needed 
for Alternative 1 in order to develop the inelastic rotation 
capacity associated with plastic hinge formations. To provide 
the necessary inelastic rotation capacity, the flange width-to
thickness ratio must be limited to prevent local buckling for 
the total range of horizontal pile head movement. Based on 
studies of moment-rotation relationships for strong-axis bend
ing of I-shapes (13-16) Greimann et al. (5) developed .the 
following ductility criterion that requires that the moment
rotation demand does not exceed the moment-rotation capac
ity. 

(8) 

where Mp is the plastic moment capacity of the pile, ew is the 

pile head rotation caused by the bridge girder end rotation 
induced by gravity loads applied after the girder and abutment 
become monolithic, and C1 is an inelastic rotation capacity 
reduction factor, based on the flange width-to-thickness ratio. 
The expression for C1 is 

(9) 

where b1 and t1 are the flange width and thickness, respec
tively, and FY is the yield stren1:,>th. An upper bound of unity 
for C1 applies when b1!2t1 :s 65/\/F,,, and a lower bound of 
zero governs when b1/2t1 2'.: 95/v'F;. These limits correspond 
to an inelastic rotation capacity of 3 and 0 (17), respectively. 
Incorporating a factor of safety equal to FY/Fb, the ductility 
criterion (Equation 8), rewritten in terms of the lateral dis
placement of the pile head, is 

(10) 

with 

t::..1 = t::..b (D3 + 2.25 CJ (11) 
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where ii; is the allowable displacement capacity of the pile 
head, D 3 is a ductility coefficient equal to 0.6 or 1.0 for fixed
headed or pinned-headed piles, respectively, and lib is the 
horizontal movement of the pile head when the actual extreme 
fiber bending stress equals the allowable bending stress, Fb. 
The displacement lib is given as 

(12) 

where S is the section modulus of the pile with respect to the 
plane of bending. 

LATERAL DISPLACEMENT EFFECTS ON 
VERTICAL LOAD TRANSFER AND SOIL 
STRENGTH (AASHTO CASES B AND C) 

Lateral displacement of the pile, shown in Figure 4, can affect 
the capacity of the pile to transfer load to the ground (Case 
B) through vertical friction along the embedment length, l, 
but should not affect the end bearing resistance of flexible 
piles (l 2:: le), nor the capacity of the ground to support the 
load (Case C). Fleming, et al. (18) have suggested that the 
displacement Yma<> representing the maximum lateral dis
placement below which the frictional resistance is assumed to 
be unaffected by the movement, be established as 2 percent 
of the pile diameter. The lengths In and I' are the lengths 
along the pile fo1 which the ve1 tical fridiuuai resistance is 
assumed to be nonexistent and fully effective, respectively. 
The effect of the pile length, I", above the ground on the 
length In is shown in the nondimensionalized graph of Figure 
5 for fixed-headed piles embedded in a uniform soil (or equiv
alent uniform soil medium). A similar figure has been devel
oped for pinned-headed piles (5). 

FRICTION PILE DESIGN EXAMPLE 

To illustrate the design procedure for both Alternatives 1 and 
2, a friction pile will be designed to support a vertical load, 
PW' equal to 50 kips, involving dead plus live plus impact 
loads (D + L + I), for the conditions shown in Figure 6. 
The pile is an HP 10 x 42 with a yield strength, FY, of 36 ksi. 
The abutment is supported by eight piles, as shown in Figure 
7. The piles were driven in an 8-ft-deep, 2-ft-diameter, pre
drilled hole that is filled with loose sand. The existing soil 
consists of an initial 12 ft of stiff clay underlain by very stiff 
clay. The integral abutment bridge has seven lines of AASHTO 
Type III bridge girders and five spans having a total length 
of 360 ft. The end spans are 60 ft long. 

SOLUTION 

Preliminary Design 

The estimated allowable frictional resistance for each steel 
pile will be taken as 0.8 tons per ft and 1.2 tons per ft for the 
stiff and very stiff clay, respectively. These values correspond 
to "firm silty clay" and "firm-very firm glacial clay" in the 
Iowa Department of Transportation (Iowa DOT) Foundation 
Soil Information Chart, revised June 1976. Assuming that the 

TRANSPORTATION RESEARCH RECORD 1223 

FIGURE 4 Soil-pile system for determining 
the friction capacity of the pile. 

capacity of the pile to transfer the load to the ground (Case 
B) and AASHTO Group I loading controls and neglecting 
the sand in the predrilled hole, the length of the embedment, 
12 , into the very stiff clay is 

12 = (0.5)(50) - (0.8)(8) 
1.2 

16 ft 

Equivalent Uniform Soil Stiffness 

(13) 

The lateral soil stiffness, kh, for the soil in the predrilled hole 
is not as flexible as a loose sand because the predrilled hole 
has only a 2-ft diameter and the zone of influence of the pile 
is approximately six pile diameters or about 5 ft. Therefore, 
the stiffness will be assumed to correspond to that for loose
to-medium-dense sand. For loose-and-medium-dense sands, 
the values of kh, obtained from Table 1 (5, excerpt from Table 
2.5), are 8.0x and 27 .Ox ksf, respectively, where xis the depth 
in feet at which kh is evaluated. For a loose-to-medium sand, 
kh will be assumed to be equal to 17 .5x ksf. The lateral stiffness 
of the soil below the predrilled hole corresponds to that for 
a stiff clay, for which kh equals the smaller value of 580 or 
(190 + 41x) ksf, obtained from Table 1 (5, excerpt from Table 
2.4). For the sand in the predrilled hole and the stiff clay 
layer, Figure 3a shows the variation in k,, with depth, when 
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FIGURE 5 Displacement for a fixed-headed pile embedded in a uniform soil. 

k,, 1 and khz equal 140 and 580 ksf, respectively, and /1 equals 
8 ft. The solution for the equivalent uniform soil stiffness, k., 
(Figure 3b) converged to 38.8 ksf after two iterations involving 
Equations 1 through 5. Using k, as the lateral soil stiffness, 
kh, in Equation 1, the length parameter le is 

1 
_ • 2.08 x io~ 

c -
4 (38.8) (144) 17.6 ft (14) 

Equivalent Cantilever Lengths 

Assuming the pile head is fixed against rotation (verified later) 
and taking !)le equal to 0, the equivalent embedment lengths, 
!., for stiffness, moment, and buckling, obtained from Figure 
2, are 

f, = 0.5 [c = 0.5 (17.6) 

= 8.8 ft stiffness 

/, = 0.6 [e = 0.6 (17.6) (15) 
= 10.6 ft moment 

f, = 1.1 [e = 1.1 (17.6) 

= 19.4 ft buckling 

Because!" equals 0, the total equivalent cantilever length, L, 
equals l .. Now, if the loose sand in the predrilled hole is 
completely neglected, the critical length, /<> is 8.9 ft, based 
on the soil stiffness in the stiff clay of 580 ksf. From Figure 
2, with !)le equal to 8 ft/8.9 ft or 0.9, the equivalent embedded 
length, /., of 3.6 ft is about the same for stiffness, moment, 
and buckling. The total equivalent cantilever length, L (equal 
to!., plus!,), would become 11.6 ft. The equivalent cantilever 
for the pile in loose sand should not be reasonably longer 
than this value. Therefore, the following total equivalent lengths 
will be used for design: 

L = 8.8 ft or 106 in. 

L = 10.6 ft or 127 in. 

L = 11.6 ft or 139 in. 

stiffness 

moment 

buckling 

Structural Analysis of Bridge Pile Soil System for 
Gravity Loads 

(16) 

For simplicity, an approximate structural analysis will be pre
sented to obtain the gravity load moment in the pile for this 
example. An idealized structural model is shown in Figure 8. 
Because the composite bending stiffness of the seven girders 
is at least 100 times the bending stiffness of the eight piles 
and because the girder continuity at the first pier can be 
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TABLE 1 LATERAL SOIL STIFFNESS PARAMETER k. 

k. (ksf) 

Sand 
Loose 
Medium 
Dense 

Clay 
Soft 
Stiff 
Very stiff 

Bx 
27x 
72x 

(24 + 5.8x) s 72 
(190 + 4lx ) s 580 
(750 + 610x) s 2,200 

conservatively neglected when the joint rotation at the abut
ment is being c nsidered , the total of the tmiformly distrib
uted girder load, W , and the corresponding nd rotation, 0w, 
for the 50-kip pile load (D + L + l) arc 

W = 8 (
5
0)2 = 114 kips (17) 

7 

WU (114)(60)2(12)2 

aw = 24 Elg= 24( 4290)(352,932) = O.OOl63 rad (lS) 

where L g, E g, and lg represent the length, modulus of elas
ticity, and moment of inertia, respectively , for an end span 
bridge girder. Since the top of the pile is rigidly connected to 
the integral abutment, the pile head will rotate by 0w. This 
amount of rotation is an upper bound because the girder and 

abutment are not monolithic for the total load. Therefore, an 
upper bound on the induced elastic moment, M w• in the equiv
alent cantilever as a result of vertical load is 

Mw = [
4f1

] 0w 

= [ 
4<gg_~~)g~)7) J (0.00163) = 107 k-in. (19) 

where the equivalent cantilever length, L , for moment (Equa
tion 16) was used. 

Structural Analysis for Thermal Expansion 

Again, an approximate analysis will be presented for sim
plicity. The horizontal displacement, d, at each abutment, 
neglecting lateral pier stiffnesses and passive soil pressure 
against the abutment backwalls, is given by 

(20) 

where the bridge length , Lb, equals 360 ft and the coefficient 
of thermal expansion, tt, for the concrete superstructure equals 
0.000006!°F. A suming that the bridge is constructed in the 
middle of an 80°F temperature range, the horizontal displace
ment at each abutment evaluated from Equation 20 is 

d = 1/2 (0.000006)( 40)(360)(12) = 0.52 in . (21) 
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FIGURE 8 Idealized abutment founoauon and girder end span: (a) structural model and (b) free body diagram. 

The pile moment, Mn (Equation 6) and corresponding hor
izontal force, Hr, induced by this lateral displacement are 

M = 6Elll = 6(29000)(71. 7)(0.52) = 402 k-· 
r L2 (127)2 In. 

(22) 

H = 12£/ti = 12(29000)(71.7)(0.52) = 10 9 k ' 
r L 3 (l06)3 . 1ps (23) 

where the respective equivalent cantilever lengths for the 
moment and the horizontal stiffness (Equation 16) have been 
used. (Note that Mr cannot exceed 785 k-in., which is the 
plastic moment capacity of the pile, and Hr cannot exceed 
14.8 kips, which is the shear force associated with a plastic 
mechanism when L equals 106 in.) 

A horizontal force on the back side of the abutment occurs 
as the bridge expands. This force can be estimated conserv
atively as the passive resistance of the soil behind the abut
ment, PP. Using an elementary soil model for a granular back
fill material (19), 

P = ! h 2 [1 + sin 4>] 
P 2 'Y l - in cl> 

(24) 

where 'Y is the unit soil weight, his the abutment height, and 

<!>is the soil friction angle. Assuming that the granular backfill 
weighs 130 pcf and has an angle of internal friction equal to 
35 degrees, the passive soil pressure along an abutment length 
equal to the pile spacing of 6.33 ft is 

PP = _21 (130)(7.5)2 [: + · ~n 350] (6 .33) 
- sm 35° 

= 85.4 kips 
(25) 

Considering equilibrium of a simply supported girder end span 
shown in Figure 8b, thermal expansion of the superstructure 
induces an axial force in the pile, P n given by 

p _ Pp(5 .0) + Hr(7.5) + Mr 
r - 60 (26) 

Substituting values for Mr, Hr, and PP from Equations 22, 
23 , and 25 , respectively , into Equation 26, the thermally induced 
axial compression force in the pile is 9.04 kips. 

Allowable Axial Stresses 

Even though horizontal movement at the top of the abutment 
pile was caused by the expansion or contraction of the bridge 
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superstructure, further lateral displacement at the pile head 
induced by gravity loads is prevented. Therefore, the top of 
the equivalent cantilever is considered braced against the 
sidesway. At the head of the equivalent cantilever, the ratio, 
G, of the flexural stiffness (4EJIL) for the eight piles to the 
flexural stiffness (3Ei8 /L8 ) for the seven bridge girders is 

G = 4((2.08 x 106)/127)(8) = O.Ol2 
3[(1.51 x 109)/720](7) 

(27) 

where the length of the equivalent cantilever length, L, for 
moment (Equation 16) was used. Because the base of the 
equivalent cantilever is theoretically fixed by definition ( G = 
0), the equivalent cantilever is essentially fixed at both ends, 
resulting in an effective length factor, K, equal to 0.5. The 
value of K is increased to 0.65 for design (AASHTO Speci
fication, Table C-1). (Note that the assumption of a fixed
headed pile used in determining/, and used in the approximate 
structural analyses was valid.) 

The allowable axial stress, Fa, is based on the following 
governing slenderness ratio : 

KL = (0.65)(139) = 
37

.
5 

ry 2.41 
(28) 

where tne equivalent cantilever length, L, for buckling (Equa
tion 16) was used. Now, following AASHTO Specification, 
Table 10.32. lA, Cc, the slenderness ratio at the transition 
point between inelastic and elastic buckling , equals 126.1, 
which is greater than the governing slenderness ratio of37.5; 
therefore, the allowable axial stress is 

F = ~ [1 - (37.5)2(36)] 1.25 = 20.3 ksi 
a 2 .12 47r2(29QOO) 

(29) 

where the 1.25 factor represents the allowable stress increase 
for AASHTO Group IV loading obtained from the AASHTO 
Specification, Table 3.22.lA. The elastic buckling stress, F,., 
with respect to the plane of bending, including a factor of 
safety (AASHTO Specification, Equation 10-43) and an 
allowable stress increase for Group IV loading, is 

F , = 'TT2(29000)(1.25) = 120.0 ksi 
e (37 .5)2(2.12) 

(30) 

Allowable Bending Stress 

Table 10.32. lA of the AASHTO Specification lists an allow
able bending stress of 0.55 Fr No mention is made specifically 
of weak axis bending or local buckling of the flange. Applying 
the flange width-to-thickness design criteria in the AISC 
Allowable Stress Design Specification (12), Article 1.5.1.4.1, 
modified by the ratio of the maximum permissible strong-axis 
bending stresses in the AASHTO and AISC Specifications 
(0.55 FY/0.66 FY), the following allowable weak-axis bending 
stresses, Fb, were developed: 

(31) 

where 

and, by AISC Specification, Equation 1.5-5b, 

bf 
Fb = F,. [0.896 - 0.0042 

2
, \/F;.J 
f 

where 

65 bf 95 
-- < - < --
VF;. - 2tf - VF;. 

21 

(32) 

(Note that rather than using Equation 31 for the allowable 
bending stress, a conservative interpretation of the AASHTO 
Specification w011ld be to use Fb equal to 0.55 F,. for both 
strong- and weak-axis bending. However , when local buckling 
governs the allowable bending stress, using 0.55 FY for Fb 
instead of Equation 32 can be unconservative, depending on 
the magnitude of the width-thickness ratio.) Comparing the 
flange width-to-thickness proportions for an HP 10 x 42 pile 
(FY = 36 ksi) with the two limits, 

65 

VF;. 
bf 10.075 

10
·
33 < 2tf = 2(0.420) 

95 
= 12.0 < , ID = 15 .8 

vFy 
(33) 

reveals that the HP 10 x 42 shape is "partially compact" with 
respect to the flange (12). Applying Equation 32 and including 
the allowable stress increase permitted for AASHTO Group 
IV loading, the allowable bending stress is 

Fb = 36 [0.896 - 0.0042(12.0)\/36)(1.25) 

= 26.7 ksi (34) 

(Note that lateral bracing is not required, because bending 
occurs about the weak axis (12), Commentary Article 1.5 .1.41. 

Applied Axial Stress 

The axial stress, f., at the pile head for both Alternatives 1 
and 2, resulting from the axial forces from the vertical load 
and thermal expansion (Equation 26), is 

F = p w + p T = 50 + 9 .04 = 4 76 k . 
Ja A 12.4 . SI 

Alternative 1 Applied Bending Stress 

(35) 

The extreme fiber flexural stress,[&, at the pile head for Alter
native 1, resulting from the moments due to vertical load 
(Equation 19) and thermal expansion (Equation 22), is 

MW + MT 107 + 402 
f& = s 1.4.2 

= 35.8 ksi < FY = 36 ksi (36) 
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Alternative 1 Stability and Strength Interaction 
Criteria 

For the equivalent fixed-ended beam-column, the moment 
gradient factor, Cm, equals 0.40. However, because the real 
pile is subjected to transverse loads (soil pressures), cm can 
be conservatively taken as 0.85 (12, Commentary Article 1.6.1). 
Substituting the appropriate terms into AASHTO Equations 
10-41and10-42, including the 25 percent allowable axial stress 
increase for Group IV loading, 

4.76 0.85(35 .8) 
20.3 + fl - (4 .761120.0)](26.7) 

1.42 > 1 (37) 

4.76 35.8 = 1 546 > 1 
0.472(36)(1 .25) + 26.7 . 

(38) 

As expected, stability and strength are not adequate, because 
fb is greater than Fb. Therefore, according to Alternative 1, 
HP 10 x 42 piles cannot be used to support the integral 
abutment for this bridge example. 

Alternative 2 Applied Bending Stress 

The moment at the pile head for Alternative 2 is due to vertical 
load only (Equation 19 plus Equation 7), because Alternative 
2 allows for redistrihution of forces through inelastic rotation. 
Therefore, the stresses induced in the pile by the horizontal 
motion of the pile head are neglected. The moment, M, and 
corresponding extreme fiber flexural stress,fb, at the pile head 
are 

M = M". + P
2
ii = 107 + (S9)~~· 5Z) 122 k-in . (39) 

M 122 . 
fb = S = 

14
.
2 

= 8.59 ks1 (40) 

Alternative 2 Stability and Strength Interaction Criteria 

The stability and strength conditions (AASHTO Equations 
10-41 and 10-42) for Alternative 2 are 

4.76 o. 5( .59) = 0.52 < 1 
20.3 + [1 - (4.76/120.0)](26.7) 

(41) 

4.76 8.59 
0.472(36)(1.25) + 26.7 = 

0
·
55 < 1 (42) 

Therefore, both stability and strength are adequate for this 
design alternative. 

Alternative 2 Ductility Criterion 

Alternative 2 requires sufficient plastic hinge rotation capacity 
of the pile. For the HP 10 x 42 equivalent cantilever in this 
example, the inelastic rotation capacity reduction factor given 
by Equation 9 and the lateral displacement lib, corresponding 
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to the allowable bending stress (Equation 12), are 

19 10.075\/36 
C; = 6 - 60(0.420) = 0.7? (43) 

A = (26.7)(14.2)l( 127)l = 
0 49

. 
i..>b 6(2.0 x L06) • m. (44) 

Substituting the values for C; and lib into Equation 11, the 
allowable horizontal displacement capacity, Ii;, of the pile 
head is 

ii; = 0.49 [0.6 + 2.25 (0.77)] = 1.14 in. (45) 

Because the lateral displacement demand, ii, of the pile head 
resulting from thermal expansion (Equation 21) is only 0.52 
in., the HP 10 x 42 pile has more than sufficient ductility for 
this example. 

Induced Girder Forces 

The lateral displacement of the fixed-headed abutment piling 
will induce an additional axial force, Pg, shear force, Vg, and 
bending moment, Mg, into the bridge girders (Figure 8b). 
These forces are reversible, based on the direction of lateral 
displacement, and must be considered in the girder design 
and in the design of the connection between each girder and 
the abutn1ent. For the si111plified exa1nple presented, the forces 
Pv Vg, and Mg, obtained from Equations 19, 22, 23, 25, and 
26, are equal to 110 kips, 10.3 kips, and 582 k-in., respectively, 
for both Alternatives 1 and 2. 

Case B Capacity 

The effect of the horizontal displacement on the capacity of 
the pile to transfer the load to the ground (Case B) must be 
checked. For the HP 10 x 42 pile, the maximum lateral 
displacement, Ymm below which the frictional capacity is unaf
fected, is approximately 0.2 in. (2 percent of the 10-in. pile 
dimension in the direction of the applied load). Therefore, 
the ratio of y max to ii is 

Ymax = 0.2 = O 38 ii 0.52 . 
(46) 

From Figure 5 with Ulc equal to 0, the length of frictional 
resistance to deduct is about 

[n = 0.45 [c = 0.45(17.6) = 7.9 ft (47) 

Because 8 ft of frictional resistance within the predrilled hole 
has already been neglected, an additional deduction is not 
necessary, resulting in an allowable vertical capacity, P, of 
the pile for Load Group IV of 

P = [(0.8)(8) + (1.2)(16)]1.25 = 32 tons (48) 

which is greater than the applied load of 59 kips. Therefore, 
the pile length established from the preliminary design (Equa
tion 13) is adequate for Case B. [Note that Case B was not con-
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trolled by the thermal movement of the abutment (Load Group 
IV) but was controlled by the gravity load (Load Group I)]. 

Case C Capacity 

The horizontal displacement of the pile head does not affect 
the capacity of the soil to support the load (Case C). Because 
the spacing of the piles (6 ft-4 in. center-to-center) is greater 
than three times the pile dimension, Case C capacity is adequate. 

SUMMARY AND CONCLUSIONS 

Pile ductility affects the ultimate strength and behavior of 
piles subjected to combined lateral displacement and vertical 
load. Based on the moment-rotation capacity of a pile, two 
approaches to determine the capacity of the pile as a structural 
member (Case A) were presented. Alternative 1 is an elastic 
design approach that should be applied for piles with limited 
ductility such as timber, concrete, and steel piles without in
elastic rotation capabilities. For this alternative, all stresses 
induced by the lateral displacement of the pile head and grav
ity loads are considered in the design. When sufficient pile 
ductility exists, Alternative 2 is a design approach that can 
be applied to recognize redistribution of internal forces caused 
by plastic hinge rotation. For this alternative, the first-order 
stresses, but not the strains, caused by thermally induced 
lateral displacement of the pile head are neglected. These 
displacement-induced bending stresses do not affect the ulti
mate strength of the pile when the moment-rotation capacity 
exceeds the moment-rotation demand. The pile strains are 
investigated indirectly by a ductility criterion that was pre
sented in terms of the pile head displacement. 

To illustrate the two design alternatives, a pile design exam
ple for an integral abutment was presented. The design for a 
fixed-headed, HP-shaped, friction pile was simplified by the 
use of nondimensional graphs for equivalent cantilever lengths 
and effective friction length loss. The example showed that 
according to Alternative 1, the pile had insufficient capacity. 
However, according to Alternative 2, the pile had sufficient 
ductility, even though the pile was not a compact section and 
had adequate strength. For the example presented, Case B 
requirements, involving AASHTO Group I loading, con
trolled the pile design when Alternative 2 was applied for 
Case A conditions. The integral abutment lateral displace
ment, caused by a thermal expansion and contraction of 0.52 
in. for the 360-ft bridge, did not detract from the strength of 
the pile. In fact, the lateral displacement of the pile head 
could have been as large as 1.14 in. before the integral abut
ment design would have detracted from the allowable pile 
load, indicating that this bridge could have been about twice 
as long. By recognizing the ductility characteristics of piles, 
Alternative 2 will permit the safe design of integral abutment 
bridges that can be significantly longer than those designed 
according to Alternative 1. 
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Bridge Service Life Prediction Model 
Using the Markov Chain 

YI JIANG AND KuMARES C. SINHA 

This paper describes the application of Markov chain technique 
in estimating bridge service life. The change of bridge conditions 
is a stochastic process and, therefore, the service life of bridges is 
related to the probabilities of condition transitions. A bridge ser
vice life prediction model, using the Markov chain, was developed 
to reflect the stochastic nature of bridge condition and service life. 
The paper includes a discussion on the concept of Markov chain, 
the development and application of the service life prediction model 
using the Markov chain, and the comparison of service life pre
dictions by statistical and Markov chain approaches. 

The service life of a bridge is one of the most important factors 
for bridge managers to estimate or predict. This paper pre
sents a bridge service life prediction model using Markov 
chain. The model was developed as a continuation of the 
earlier work on bridge performance analysis (J). The earlier 
paper involved the use of M!lrkov ch;iin in nP.VP.loninP hrinPP. 
performance curves. The pre~~~t p~~~~- d~al~ _;ith pr~dicti~n 
of bridge service life on the basis of performance analysis. 

Bridge service life can be predicted by a regression analysis 
of bridge age versus bridge condition. However, the predic
tion is restricted to average or mean service life of a number 
of bridges. The Markov chain model provides a tool for pre
dicting not only the average service life, but also the service 
life of any individual bridge. 

This paper describes the bridge service life prediction model 
using the Markov chain. The Markov chain concept is intro
duced and the development and application of the model are 
discussed. The comparison is made between the approaches 
of statistical regression and Markov chain. 

BRIDGE SERVICE LIFE 

All federally supported bridges in Indiana have been inspected 
every 2 years beginning in 1978. The inspection includes rating 
of individual components such as deck, superstructure and 
substructure, as well as of the overall bridge condition. 
According to the FHW A bridge rating system, bridge inspec
tors use a range from 0 to 9, with 9 being the maximum rating 
number for a new condition (2). When the rating reaches a 
value of 3, a bridge has to be repaired or replaced, otherwise 
it should be closed. Therefore, the time span between a bridge 
being built and its condition reaching the rating of3 was defined 
as the service life of the bridge. Two approaches of esti
mating bridge service life-statistical and Markov chain-are 
discussed . 

School of Civil Engineering, Purdue University, West Lafayette, Ind. 
47907. 

STATISTICAL APPROACH 

The performance curves of bridge components, such as deck, 
superstructure, and substructure, were developed separately 
for concrete and steel bridges on both Interstate and non
Interstate highways. Two of these curves, the performance 
curves of substructures of concrete and steel bridges on non
Interstate highways, are discussed to demonstrate the pre
diction methods. 

The objective of developing performance curves was to find 
the relationship between condition rating and bridge age. A 
third-order polynomial model was used to obtain the regres
sion function of the relationship. The polynomial model is 
expressed by the following formula (3): 

(i) 

where Y;(t) is the condition rating of a bridge at age t, t; is 
the bridge age, and E; is the error term. This equation indicates 
that the condition rating of a bridge, Y;(t), depends on the 
bridge age of the bridge, t;. 

For a new hrineP. (agP 0), the recorded condition rating was 
found always to be 9; therefore [30 was specified as 9 to make 
the intercept of the regression line an integer and meaningful 
in practice. 

When a regression model is selected for an application, it 
is usually not possible to make certain in advance that the 
model is appropriate for that application. Therefore, two 
regression assumptions, the constancy and normality of resid
ual distribution, should be tested (3). 

The Statistical Analysis System (SAS) statistical package 
was used for the test of aptness of polynomial model and for 
regression analysis ( 4). Residual plots were obtained to check 
the constancy of variance and the Kolomogorov-Smirnov test 
was used to test the normality of residual distribution. It was 
found that the polynomial regression function on raw data of 
concrete bridges met the two aptness requirements, the con
stancy and normality of residual distribution. However, the 
regression function on raw data of steel bridges did not meet 
the requirements. A transformation of y' = yy on the raw 
data of steel bridges satisfied the necessary normality and 
constancy requirements. 

The complete data base included about 5, 700 state-owned 
bridges in Indiana. To evaluate the effects of the climate 
traffic volume, highway system, and bridge type on bridg~ 
performance, bridges were divided into groups such as steel 
and concrete bridges; bridges with high, medium, or low aver
age daily traffic; bridges in northern and southern regions; 
and bridges on Interstate and non-Interstate highways. Because 
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the factors of traffic volume and climatic region were found 
not statistically significant, the final factors considered in the 
regression analysis were highway class (Interstate and non
Interstate) and bridge type (steel and concrete). For example, 
to develop the performance curves of bridge substructures on 
non-Interstate highways, 90 concrete bridges and 90 steel bridges 
on non-Interstate highways were randomly selected from the 
complete data base. The recorded data of condition ratings 
and corresponding ages of these bridges from 1978 to 1986 
were used to perform the regression analysis. The resulting 
regression function for substructure of concrete bridges was 

Y;(t) = 9.0 - 0.28877329t; + 0.0093685tf 

- 0.00008877ti (2) 

The regression function for substructure of steel bridges 
was 

Y;(t) = ( VY,Wr 
= (3.0 - 0.051696t; + 0.001715t~ - 0.00002lti)2 (3) 

Equation 3 was obtained using the transformed data and 
so it had different form from Equation 1. 

The regression function can be used to predict service life; 
that is, the value of I; corresponding to Y;(t) = 3 is nothing 
but the estimated bridge substructure service life. Figures 1 
and 2 show the curves of the regression functions and the 
estimated service lives obtained by solving the functions. The 
predicted service lives of concrete and steel bridge substruc
tures are both 54 years, as shown in Figures 1 and 2, where 
SL represents service life and the subscripts c and s denote 
concrete and steel bridges. 

In reality, service life varies from bridge to bridge. How
ever, by the definition of regression analysis (3), Y(t) is the 
average condition rating at bridge age t, that is, r = Y(t), so 
the service life obtained from the performance function is 
actually the mean or average service life _Qf bridge substruc
tures on non-Interstate highways, that is, T = SL. As shown 
in Figure 3, A and B are two steel bridges with the same 
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FIGURE 1 Performance curve of substructure condition of 
concrete bridges. 
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FIGURE 2 Perrormance curve of substructure condition of 
steel bridges. 
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bridge ages but different substructure condition ratings. The 
condition ratings are ra and rb for bridges A and B, respec
tively. Substructure service life of Bridge A may be predicted 
by the performance function because Point A is on the per
formance curve. Thus, it may be ~pected that substructure 
service life of bridge A equals to T, the average service life 
of the substructures, that is, t, + t2a = T; where t1 is the 
bridge age and t2• is the remaining substructure service life of 
Bridge A. The remaining substructure service life of Bridge 
B, t2b, cannot be estimated from the performance function 
because Point B is not on the performance curve. It can be 
guessed, however, that t2b would be less than t2 •• It is necessary 
for a bridge manager to estimate t2b as well as t2 •• Therefore, 
the Markov chain technique was applied to fulfill the task. 

MARKOV CHAIN APPROACH 

Introduction to Markov Chain 

The Markov chain as applied to bridge service life prediction 
is based on the concept of defining states in terms of bridge 
condition ratings and obtaining the probabilities of bridge 
condition transiting from one state to another. These prob
abilities are represented in a matrix form that is called the 
transition probability matrix or simply, transition matrix, of 
the Markov chain. If the present state of bridge conditions 
or the initial state is known, the future condition and the time 
needed to change condition from one rating to another can 
be predicted through multiplications of initial state vector and 
the transition matrix. 

Seven bridge condition ratings are defined as seven states 
with each condition rating corresponding to one of the states. 
For example, Condition 9 is defined as State 1, Rating 8 as 
State 2, and so on. Without repair or rehabilitation, the bridge 
condition rating decreases as the bridge age increases. There
fore, there is a probability of condition transiting from one 
state, say i, to another state, j, during a 1-year period, which 
is denoted by P;.i· Table 1 shows the correspondence of con
dition ratings, states, and transition probabilities. Because the 
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Condition Re.ting 

Bridge Age 

FIGURE 3 Example of service life predictions. 

TABLE 1 CORRESPONDENCE OF CONDITION 
RATINGS, STATES, AND TRANSITION PROBABILITIES 

R=9 R=S R=7 R=6 R=5 R=4 R=3 

S=l 8=2 8=3 8=4 8=5 8=6 8=7 

R=9 S=l P1.1 p 1,2 PJ,3 Pi,4 P1,5 P1,6 P1,1 

R=8 8=2 P2,1 P2,2 P2,3 P2,< P2,5 P2,6 P2,1 

R=7 8=3 P3,I P3,2 P3,3 P:i,4 P3,5 P3,6 P3,1 

R=6 8=4 P4,1 P~.2 P4,3 P<1,4 P-1,5 P4,6 P4,7 

R=5 8=5 P.'J I Ps,o Ps,3 Ps,4 Ps,5 Ps,6 Ps,1 

R=4 S=6 Po,1 Po,2 Po,3 Po,<1 Po.u Po,o Po,1 

R=3 8=7 P7 , I P1,2 PT,3 P1,1 P1,.<, P1,c P1,1 

Note: R = CondHion Rating 

S =State 

Pi,j = Transition Probability from State i to State j 

lowest recorded rating number in the data base was 3, indi
cating that the bridges are usually repaired or replaced at 
rating not less than 3, condition ratings less than 3 were not 
included in the transition matrix. 

As a bridge age increases, the deteriorating rate of bridge 
conditions changes. That is, the process of condition transition 
is not homogeneous with respect to bridge age. To meet the 
homogeneity requirement of Markov chain, bridge age was 
divided into groups, and within each group the Markov chain 
was assumed to be homogeneous. Age groups consisting of 
6 years were used and each group had its own transition matrix 
that was different from those of remaining groups. 

An assumption was made that the bridge condition rating 
would not drop more than 1 in a single year. Thus, the bridge 
condition would either stay in its current rating or transit to 
the next lower rating in 1 year. The transition matrix has, 
therefore, the form 
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p(l) q(l) 0 0 0 0 0 
0 p(2) q(2) 0 0 0 0 
0 0 p(3) q(3) 0 0 0 

P= 0 0 0 p(4) q(4) 0 0 
0 0 0 0 p(5) q(5) 0 
0 0 0 0 0 p(6) q(6) 
0 0 0 0 0 0 1 (4) 

where q(i) 1 - p(i) · p(i) corresponds to P;,; and q(i) to 
P;,;+i in Table 1. Therefore, p(l) is the transition probability 
from Rating 9 (State 1) to Rating 9, and q(l), from Rating 9 
to Rating 8, and so on. 

It should be noted that the lowest rating number before a 
bridge is repaired or replaced is 3. Consequently, the corre
sponding transition probability p(7) equals 1. 

Development of Transition Matrix 

To estimate the transition probabilities for each age group, 
the following nonlinear programming objective function was 
formulated: 

N 

min ~ I Y(t) - E(t, P) I 
1=1 

subject to 

0 :'.S p(i) :'.S 1 i = 1, 2, ... , I 

where 

N = 6, the number of years in one age group, 
I = 6, the number of unknown probabilities, 
P = a vector of length I equal to [p(l), p(2), . 

p(J)], 

(5) 

Y(t) the average of condition ratings at time t, esti
mated by regression function, and 

E(t,P) estimated value of condition rating by Markov 
chain at time t. 

By Markov chain, the state vector for any time t, Q<tl• can 
be obtained by the multiplication of initial state vector Q<oi 
and the transition probability matrix P raising the power to t 
(5): 

(6) 

Let R be a vector of condition ratings, R [9 8 7 6 5 4 3], 
and R' be the transform of R, then the estimated condition 
rating by Markov chain is, 

E(t, P) = Q<!J • R' (7) 

The objective function was to minimize the absolute distance 
between the average bridge condition rating at a certain age 
and the predicted bridge condition rating for the corresponding 
age generated by the Markov chain with the probabilities obtained 
by the nonlinear programming. The values of the regression 
function were taken as the average conditions, Y(t), to solve 
the nonlinear programming or Equation 5. 

A new bridge is almost always given a condition rating of 
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9 for all of its components, deck, superstructure, and sub
structure. In other words, a bridge at age 0 has a condition 
rating 9 for its components with unit probability. Thus, the 
initial state vector Q,0> for deck, superstructure, and substruc
ture of a new bridge is always [100 ... OJ, where the numbers 
are the probabilities of having a condition rating of 9, 8, 
7, ... , and 3 at age 0, respectively. That is, the initial state 
vector of the first age group is known. Therefore, Equation 
5 can be solved for Age Group 1. Age Group 2 takes the last 
state vector of Age Group 1 as its initial state vector, Equation 
5 can also be solved for Age Group 2. In the same manner, 
the transition probabilities for all the age groups were obtained, 
as shown in Tables 2 and 3. For example, p(l) = 0.717 in 
Group 1 (Age 6 years or less) of Table 3 represents the tran
sition probability from State 1 to State 1 in a 1-year period 
for substructure of steel bridges with age less or equal to 6 
years, and the transition probability from State 1 to State 2 
in a 1-year period is, therefore, q(l) = 1 - 0.717 = 0.283. 
The solution to this function was obtained by the Quasi-New
ton method (6). 

Application of Markov Chain Model 

Once the transition matrices are obtained, the prediction of 
bridge service life can be conducted using Equations 6 and 7. 
By this approach, the service life prediction is not restricted 
to the average service life of bridges. Instead, the prediction 
can be made for any individual bridge or bridge component 
at a given bridge age with any condition rating. For the two 
bridges in Figure 3, the Markov chain model can be used to 
predict service life for both Bridge A and Bridge B. 

For demonstration purpose, we assume Bridges A and B 
are both 9-year-old steel bridges. The substructure condition 
rating is 7 for Bridge A and 6 for Bridge B. From Table 3, 

TABLE 2 TRANSITION PROBABILITIES FOR 
SUBSTRUCTURE CONDITION-CONCRETE 
BRIDGES, NON-INTERSTATE 

I Bridge Age 
- -

p(l) p(2) p(3) p(4) p(5) p(6) 
I -

~-~2-
0.705 0.818 0.810 0.802 0.801 0.800 

0.980 0 .709 0 .771 0.980 0.980 0.856 

r:-----
I 13 - 18 0.638 0.639 0.748 0.980 0.980 0.980 

1~ 9 _ 24 0.798 0.791 0.788 0.980 0.870 0.824 

---- -
25 - 30 0.794 0.810 0 .773 0.980 0 .980 0.980 

-·------
31 - 36 0.815 0.794 0 .787 0.980 0.980 0.737 

~--

37 - 42 0.800 0.798 0 .815 0.980 0.850 0.980 

43 - 48 0.800 0.800 0 .309 0.938 0.980 0.050 

49 - 54 0.800 0.800 0.800 0.711 0.707 0.768 

55 - 60 0.800 0.800 0 .800 0.050 0.050 0.050 

TABLE 3 TRANSITION PROBABILITIES FOR 
SUBSTRUCTURE CONDITIONS-STEEL 
BRIDGES, NON-INTERSTATE 
,.------

Bridge Age p(l) p(2) p(3) p(4) p(5) p(6) 

---- ,_____ 
0 - 6 0.717 0.727 0.950 0.664 0.692 0 .700 

,____ 
7 - 12 0.366 0.715 0 .970 0 .814 0 .574 0.359 

- · 13 - 18 0.700 0.507 0.950 0.653 0 .950 0.766 

19 - 24 0.700 0.707 0.950 0.950 0.950 0.950 

--
25 - 30 0.700 0.700 0.950 0.950 0 .950 0.9&0 

r--· 

31 - 36 0.200 0.200 0.200 0.950 0.696 0.447 

C--· 

37 - 42 0.200 0.200 0.200 0.950 0 .950 0.950 

43 - 48 0.200 0.200 0.200 0 .950 0 .790 0.722 

49 - 54 0.200 0.200 0.200 0.916 0.050 0 .050 

55 - 60 0.200 0.200 0 .200 0.050 0.050 0.050 
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the corresponding transition matrix for Age 9 (in Age Group 
2) is: 

0.366 0.634 0 0 0 0 0 
0 0.715 0 0 0 0 0 
0 0 0.285 0.030 0 0 0 

P = 0 0 0.970 0.814 0.186 0 0 
0 0 0 0 0.574 0.426 0 
0 0 0 0 0 0.359 0.641 
0 0 0 0 0 0 1.000 

(8) 

The initial state vector of Bridge A is Q,0> = [O 0 1 0 . .. 
OJ, with the unit probability corresponding to Rating 7 (ra = 
7). Therefore, the state vector of Bridge A in the future can 
be predicted by Equation 6. The state vectors and corre
sponding condition ratings are as follows: 

R [9 8 7 6 5 4 3J 

Q(O) [O 0 1 0 0 0 OJ 

E(O, P) Q(O) * R' = 7 

Q(i) Q(O) * p = [0.00 0.00 0.97 O.Q3 0.00 0.00 O.OOJ 

E(l, P) Q,1) * R' = 6.97 = 7 

Q(2) Q(O) * p2 = [0.00 0.00 0.94 0.05 0.01 0.00 O.OOJ 

E(2, P) Q(2l * R' 6.94 = 7 

Q(3) Q(O) * P3 [0.00 0.00 0.89 0.08 0.03 0.00 0.00] 

E(3, P) Q(3J * R' 6.87 = 7 

Then, Q(3J obtained above is taken as the initial state vector 
of Age Group 3 (from Age 13 to Age 18) and the transition 
matrix for Age Group 3 is used to continue the procedure. 
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In general, Group n takes the last state vector of Group 
n - 1 as its initial state vector. 

By this procedure, £( 45, P) = 3 is obtained, therefore 120 

in Figure 1 is estimated to be 45 years . The service life of 
Bridge A, TA, is predicted: 

TA = 11 + t20 = 9 + 45 = 54 years 

As expected, the value of TA is the same as the one obtained 
by regression function, SLs = 54, because Point A is on the 
performance curve. 

Applying the Markov chain technique to Bridge B, £(23, P) 
= 3 is obtained. That is, t2b is 23 and the service life of Bridge 
Bis 

TB = t1 + t2b = 9 + 23 = 32 years 

As we expected, TB is less than TA" Similarly, for any pos
sible value of Condition Rating rat any time, the service life 
can be predicted by the Markov chain. However, these pre
dictions cannot be made by the regression function for con
dition ratings other than r = 7. 

Test of Accuracy 

The accuracy of the service life prediction depends on the 
doseness of ihe values of condition ratings predicied by the 
Markov chain and by the regression function. The chi-square 
goodness of fit test (7) is used to measure the closeness of the 
predicted values of condition ratings. The computed chi-square 
is given by: 

XL = .± (F:, - Y.)2 
i - l £, 

(8) 

where 

x2 has a chi-square distribution with k - 1 degrees of 
freedom, 

E, value of condition rating in Year i predicted by the 
Markov chain, 

Y, value of condition rating in Year i predicted by the 
regression function, and 

k the number of years predicted. 

As an example, the results of the chi-square test for Bridge 
A are presented. The chi-square test was performed by using 
the values of E(t, P) and Y(t) from I = 10 to t = 54 (k = 
t20 = 45) and the results indicated that the difference between 
the values of the Markov chain and regression function was 
not significant at o: = 0.05, as shown here: 

4s (E Y)' 
x2 = L ' ~ 1 

- = 3.111 
1- 1 E1 

CHI~. (x2 ::>- 3.111) > 0.995 > o: = 0.05 

Therefore, the values of condition ratings predicted by the 
two approaches, Markov chain and regression function, were 
very close. 
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TABLE 4 PREDICTED SUBSTRUCTURE 
SERVICE LIVES OF CONCRETE BRIDGES FOR 
DIFFERENT CONDITION RATINGS 

Age r· r · (', , . Predicted SL 

0 9 9 0 54 

9 1 54 

8 0 54 

4 8 7 -1 54 

6 -2 54 

5 -3 35 

8 1 54 

7 0 54 

9 7 6 -1 54 

5 -2 40 

4 -3 19 

8 2 54 

7 1 54 

18 6 6 0 54 

5 -1 42 

4 -2 22 

7 2 !i!i 

6 1 54 
42 5 

5 0 54 

4 -1 43 

6 2 56 

52 4 5 1 55 

4 0 54 

Note: r; = Average Condition Rating 

ri = Actual Condition Rating 

SL = Service Life 

Overestimation of SL 

0 

0 

0 

0 

0 -
19 

0 

0 

0 

14 

~5 

0 

0 

0 

12 

32 

-1 

0 

0 

11 

-2 

-1 

0 

(Average Service Life= 54 Years) 

TABLE 5 PREDICTED SUBSTRUCTURE 
SERVICE LIVES OF STEEL BRIDGES FOR 
DIFFERENT CONDITION RA TINGS 

~.!:..... r · _, ,, 6r· Predicted SL 

0 9 9 0 54 

9 l 54 

8 0 54 

4 8 7 -1 53 

6 -2 25 

5 -3 8 

8 1 54 

7 0 54 

9 7 6 -1 32 

5 -2 24 

4 -3 10 

8 2 55 

7 I 55 

25 6 6 0 54 

5 -I 34 

4 -2 30 

7 2 56 

6 I 56 
44 5 

5 0 54 

4 -1 47 

6 2 56 

52 4 5 1 54 

4 0 54 

Note: Ti = Average Condition Rating 

ri = Actual Condition Rating 

SL = Service Life 

Overestimation of SL 

0 

0 

0 

1 

29 

46 

0 

0 

22 

30 

44 

-1 

· 1 

0 -
20 

24 

-2 

-2 

0 

7 

-2 

0 

0 

(Average Service Life= 54 Years) 
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COMPARISON OF SERVICE LIFE 
PREDICTIONS USING PERFORMANCE CURVE 
AND MARKOV CHAIN 

The difference between the average service life of bridges , T, 
and the predicted service life of a bridge, T;, are defined as 
the overestimation of the bridge's service life by the perfor
mance curve d~eloped through statistical regression , A.T,, 
that is, AT; = T - T,. Thus, the overestimation of service 
life of Bridge A and that of Bridge B in Figure 3 are: 

A.TA = T - TA = 54 - 54 = 0 years 

54 - 32 = 22 years 

where T = SLs. 
When the results are examined, it can be found that the 

overestimation of a bridge's service life is related to the dif
ference of the actual condition rating and the average con
dition rating. The r

0 
is equal to 7, which is the same as the 

value of the regression function, or average condition rating, 
corresponding to the bridge age of 9. Thus, the difference of 
r. and the average condition rating, r = Y(9), is 

A.r
0 

= r0 - r = 7 - 7 = 0 

which causes no overestimation of the bridge's service life, 
that is, A.TA = 0. 

However, rb is equal to 6 and the condition rating difference 
is, 

CJ.rb = rb - r = 6 - 7 = - 1 

Therefore, A.T8 = 22 can be considered as the overesti
mation of service life by performance curve resulting from 
overestimating condition rating by one unit. The effect of Ar; 
on A.T, is explained by the fact that Q(o) is determined by the 
actual condition rating of a bridge and the Markov chain 
equation (Equation 6) . Once the transition matrix, P, is known, 
the state vector, Q<•l' is determined by the initial state vector, 
Q(O)• 

In order to analyze this effect , the service lives of bridge 
substructures were obtained by the Markov chain model for 
various possible condition ratings. Tables 4 and 5 show the 
results and the corresponding values of Ar and AT. Comparing 
values of the two tables, it can be found that the values of 
service life overestimations for substructures of concrete and 
steel bridges are different . For example, for r; = 7 and 
A.r, = 1, the overestimation of service life is 0 for concrete 
bridge substructures and 22 for steel bridge substructures. 

The values of bridge substructure service life overestima
tions for all possible combinations of r, and Ar; are presented 
in Table 6. The paired data in Table 6 are the overestimations 
of service lives for steel and concrete bridge substructures. 
For example, for r; = 6 and Ar, = -1, the corresponding 
data (20, 12) represent that the overestimation of substructure 
service life is 20 for a steel bridge and 12 for a concrete bridge, 
or A.Ts, = 20 and A.Tei = 12. The differences of the values in 
the table were used to perform the paired-t statistical test (3): 

where A.Ts, and A.Tc1 are the overestimations of service lives 

TABLE 6 PREDICTIONS OF OVERESTIMATION OF 
SERVICE LIVES FOR SUBSTRUCTURES OF STEEL AND 
CONCRETE BRIDGES 

29 

-
I Aclual i{alit~K -- Average Rating ~ 

- i r- - -~ ----2 I 0 I -J I -2 -3 1--9 - - ( o,o)' --_ l - ~ 
- - -- ------

8 - (0,0) (0,0) (1,0) (29,0) 

-- ---·- - - f----

7 (0,0) (0,0) (22,0) (30,14) 
Average Rating - -

6 (-1,0) (-1,0) (0,0) (20,12) (24,32) 

-
5 (-2,-1) (-2,0) (0,0) (7,J l) (10,12) 

4 (-2,-2) (0,-1) (0,0) (2,2) 

-~ -
•:(a, b) -- a is the overestimation of service life of steel bridge 

I 
I 

-3 

bis the overestimation of service li fe of concrete bridge 
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FIGURE 4 Service life sensitivity analysis for 
substructure of concrete bridges. 
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of steel and concrete bridge substructures by the performance 
function. Because t• = 2.03 > t(0.95,25) = 1.708, the mean 
difference in overestimation of steel and concrete substructure 
service lives is significant at a = 0.05. That is, the overesti
mation of service life of steel bridge substructure is more 
sensitive to overestimation of condition rating with respect to 
actual condition rating. 

As can be seen, the service life of a bridge is affected by 
bridge type and the difference of actual condition rating and 
average condition rating. The average condition rating is 
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FIGURE 5 Service life scnsith·ity analysis for 
substructure of steel bridges. 

obtained by regression function, which is the relationship 
between bridge age and condition rating. Therefore, the sen
sitivity of overestimation of bridge service life to bridge age 
can be studied by analyzing the sensitivity of overestimation 
of b1iJge ~e1 vice life lo average condition rating. 

Figures 4 and 5 present the curves of /::,.r versus /::,.Tl I /::,.r I 
for substructures of concrete and steel bridges, where 
/::,.T/ I /::,.r I represents the overestimation of service life per 
unit change of condition rating from average condition rating. 
Figure 4 shows that the curve for the average condition rating 
r; = 6, for substructure of concrete bridges, has the highest 
value of /::,.T//::,.r. The average age of concrete bridge substruc
tures corresponding to the rating of 6 is 25. Therefore, the 
rating given at this age can be considered to be most sensitive 
with respect to service life estimation. From Figure 4, it can 
be seen that when the average performance curve for concrete 
bridge substructures reaches a condition rating of 6 (Age 25), 
if a lower-than-average condition rating is given, the service 
life of the bridge would be overestimated by as much as 16 
years for every unit of lower-than-average condition rating. 
It means that, for concrete bridge substructures, the expected 
overestimation of service life per unit of lower-than-average 
condition rating is the highest when the performance curve 
reaches the condition rating of 6. From Figure 5, the corre
sponding most critical level for steel bridge substructures is 
when the performance curve reaches the condition rating of 
7 (Age 9). The expected overestimation in this case is 22 years. 
The implications of these results are that average performance 
functions can only be used for making macroscopic decisions 
at network level. However, for making decisions at a project 
level, Markov chain is a better tool. 
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CONCLUSIONS 

The application of the Markov chain provides bridge man
agers a powerful and convenient tool for estimating bridge 
service life. Service life prediction by Markov chain has the 
advantage over the statistical regression approach in that it 
can be used not only to estimate the average service life of a 
number of bridges, but also the service life of any individual 
bridge. Furthermore, the Markov chain prediction is based 
on the current condition and age of bridges, therefore, it is 
simple and can be updated by new information of condition 
rating and bridge age. However, it should be noted that this 
study was based on statistical analysis of condition ratings. 
Condition ratings are subjective judgments, which may in 
themselves be biased, and therefore may affect the results of 
service life predictions. To reduce the bias of human judg
ments, a bridge condition evaluation model has been devel
oped using the theory of fuzzy sets (8); the reliability and 
accuracy of service life predictions could be greatly enhanced 
by applying the condition evaluation model in the process of 
bridge condition inspection. 

The theory of the Markov chain is well developed and based 
on simple multiplications of matrices. As compared with the 
regression method, the Markov chain model, a probability
based method, reflects better the stochastic nature of bridge 
service life. The model provides a mathematical tool for pre
dicting bridge service life. The comparison of service life pre
dictions of the two models enables bridge managers to study 
the effects of bridge types. condition ratings. and bridge ages 
on service lives of bridges. 
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Bilayer Reinforced Stressed Timber 
Deck Bridges 

RALPH R. MOZINGO 

Research efforts to improve the ability of timber to satisfy deflec
tion criteria and to be economical for longer spans are leading to 
composite timber-steel deck bridges with transverse prestressing. 
The use of small size and length timbers is imperative because, 
quite simply, small-to-medium size trees are much more plentiful 
than large trees. A bilayer timber bridge model that employs both 
timber and steel is shown here to perform quite well. Results show 
that despite numerous butt joints and reliance on steel for hori
zontal shear, loads in excess of required magnitudes may be taken 
safely without undue deflections or stresses. 

The use of timber for highway bridges is increasing. Some 
states have an abundance of wood, especially hardwood, which 
has not been used in bridge building. The notion that timber 
is unsuitable or less durable than other materials is false. In 
the Northeast, for example, deicing salts limit the average life 
of concrete bridge decks to about 15 years. Properly treated 
timber, on the other hand, is immune to the effects of such 
salts and will give useful service several times that long. An 
excellent paper concerning the long life and proper preser
vative treatment of timber bridges has been written by Much
more (1). 

Timber trusses of past years were vulnerable in the joints 
unless they were covered. The popular stressed laminated 
deck has no truss joints to deteriorate . Consequently, this 
type of timber structure, pioneered by Taylor and Csagoly 
(2) in Canada, provides a unique design for short spans wherein 
friction between longitudinal timber laminates is produced by 
tensioning of transverse prestressing rods. 

Tests conducted at the University of Wisconsin (3) have 
established deflections as the governing design criterion in 
place of flexural or shear stresses for this type of timber deck. 
Resulting timber stresses are usually well within allowable 
values. In addition to bridges of this type built in Canada, 
several demonstration bridges have been built in the United 
States. The Trout Road Bridge, built near Houserville, Penn
sylvania, in May of 1987, has been successfully monitored for 
1 year ( 4). Dead and live load deflections, losses in bar forces, 
and moisture content of the creosoted timber deck were 
observed and analyzed. 

Results indicate a well-behaved and esthetically pleasing 
bridge type for short spans. The span of 46 ft must obviously 
have timbers butted together at intervals. The usual procedure 
has been to limit butt joints no closer than every fourth mem
ber at any given bridge cross section. Large Douglas Fir tim
bers (4 x 16 in.) with a maximum length of 20 ft were used . 
Such large dimensions are scarcely procurable in most sections 

212 Sackett Building, Department of Civil Engineering, The Penn
sylvania State University, University Park, Pa . 16802. 

of the country. Ways have been sought to form composite 
stressed timber decks to fully use available timber and to 
increase practical span lengths. 

The design of an innovative stressed timber deck with lam
inated veneer lumber (LVL) stringers was built as a dem
onstration bridge of 78 ft for the Regional Timber Bridge 
Conference at Charleston, West Virginia , in May 1988. Com
posite action between L VL stringers and longitudinal oak 
decking was confirmed. Details of this unique design are con
tained in a paper titled Design of Stressed Timber T-Beams 
for Highway Bridges (unpublished) by Barry Dickson and 
Hota V. S. Ganga Rao of West Virginia University. 

Composite action between timber and steel is also being 
explored. In another presentation at the conference men
tioned in the previous paragraph, the writer described in the 
Effects of Steel Plates Inside of Prestressed Timber Deck Bridges 
(unpublished) a method , based on model studies, whereby 
shorter timber lengths can be effectively used when steel plates 
are sandwiched between timber laminates before rod stress
ing. Bridge stiffness was shown to more than double when 
about 7 percent of steel was used. Moreover, timber lengths 
could be reduced from 20 to 12 ft-a more practical length. 

Because of the high modulus of elasticity of steel compared 
with timber, longer spans , smaller timber depths, better con
trol of creep, and better orthotropic behavior are all possible 
when steel plates are included. Full-scale testing of such com
posite behavior will begin in fall 1988 in the structural labo
ratory at The Pennsylvania State University. 

The next logical step in the development of composite tim
ber-steel bridge decks is to consider ways of using square or 
nearly square timber cross sections of modest sizes-these 
being most prevalent from medium-to-small trees. The bilayer 
reinforced stressed timber deck bridge has been recently 
investigated as a model by the writer and forms the main 
focus of this paper. 

It should be noted specifically that this paper reports results 
of model tests that have not yet been verified by prototype 
studies. Economic studies, ~ecause of a lack of data, will 
therefore have to await the construction of prototype and 
demonstration bridges. 

BRIDGE MODEL 

A 1-to-12 scale model was built to simulate the behavior of 
an actual structure with a span of 46 ft. Figures la and lb 
show dimensions and loads used for the model. To maintain 
load symmetry about mid-span, concrete blocks were added 
in pairs. After each pair was added, dial gauge readings at 
mid-span front and rear positions were taken and averaged 
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FIGURE 1 (a) bilayer model oridge with 16 concrete blocks; (b) bilayer model bridge cross section 
with 20 timbers and nine steel strips. 

to give the displacement in inches. Each time the bridge model 
was reassembled (with nuts tightened), a shakedown load of 
320 lb was applied and removed before any data were taken. 
Also, the full load remained on each assembly for 24 hr, after 
which unloading data were taken with concrete blocks removed 
in pairs. Thus the effects of creep became apparent. 

Dimensions and loads for both model and prototype are 
listed in Table 1. The maximum load of 320 lb on the model 
is corrected upward by the square of the scale factor to 46,080 
lb on the prototype. Moreover , if a more realistic bridge width 
of 26 ft is envisioned, then the equivalent total maximum load 
would be 26 x 46,080/5.8 = 206,566 lb, which exceeds two 
HS25-20 truck loads (2 x 90,000 = 180,000 lb). The maxi
mum model load of 320 lb thus represents more than sufficient 
loading for today's highway bridges. 

Figure 2 shows an end cross section of the bilayer model 
bridge resting on a 2-in.-wide timber sill . Each layer is 10 
timbers wide with nine 24-gauge sheet metal strips sandwiched 
between timbers. Double nuts were used to discourage strip
ping of the threads of the soft steel rods. The grain direction 
for timber cross sections was chosen randomly and the average 
modulus of elasticity found to be 1,405 ksi. The red oak used 
is well-seasoned wood taken from an old church pew. The 

TABLE 1 DIMENSIONS AND LOADS 

Variable Model Prototype 

Scale 1:12 1 
Span 46 in. cc brg. 46 ft cc brg . 
Timber size 0.580 x 0.580 in . 6.96 x 6.96 in . 
Plate size 0.25 x 4/3 in . 0.30 x 16 in. 
Number of timbers 10 each layer 10 each layer 
Deck width 5.80 in . 5 ft 9.6 in . 
Rod size 3/16 in . 1 in. 
Rod spacing 4 in . cc 4 ft cc 
Loads 16 20-lb blocks 
Maximum load 16 x 20 = 320 lb 320 x 122 = 46,080 lb 

NOTE: cc brg. = center-to-center bearings . 

average moisture content was 9.7 percent, and the average 
modulus of rupture was 11,815 psi based on failure testing of 
eight specimens. Figure 3 shows the partially assembled model 
with stressing rods and steel strips visible. The numbering 
shown was necessary to ensure that timbers and steel would 
be in the same relative positions each time the structure was 
reassembled. 
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FIGURE 2 End view of bilayer model bridge resting on sill. 

FIGURE 3 Partially assembled bilayer model bridge with steel 
strips and stressing rods. 

Tightening of the rods was realized by first tightening clamps 
near the rods as shown in Figure 4. The fact that the timbers 
are held in place and transfer stresses to the steel strips by 
friction alone may seem a bit peculiar, but no slippage was 
observed at any time-even when an overload was on the 
structure. In an actual bridge deck, smaller rods could be 
employed in pairs to pass through top and bottom layer tim
bers or in a staggered pattern , although this is not necessary 
for structural purposes. Note also that timbers used for the 
model required no drilling and were simply placed. Several 
trials are necessary for rod tightening because the tightening 
of one rod tends to ease the pressure on adjacent rods. Exces
sive tightening however leads to shear failure of the threaded 
rod . 

Figure 5 shows a closeup view of about one-half of the 
loaded beam resting on a timber sill at the right end and loaded 
with concrete blocks. Butt joints can be seen in both the top 
and side. These gaps are about 0.10 in. so that no contact 
between butted timber lengths will occur during the load tests . 
Butt joints were introduced first near beam ends then pro
gressively toward the mid-span until a total of 80 butt joints 
and 100 timber lengths made up the model. At this point all 
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FIGURE 4 Clamping technique used before bolt tightening of 
the bilayer model bridge. 

FIGURE 5 Right half of bilayer model bridge under load and 
showing butt joints. 

timber lengths were either 8 or 12 in. Observe that every 
second member is butted for top and bottom layers, which 
means that one-half of the timber cross section has been cut 
at any section of butt joints. Later results will show surprising 
strength of this type of composite structure despite weakening 
by butt joints just mentioned. 

Figure 6 shows a plan view of the butt joints for the top 
layer. The pattern for the lower layer is simply obtained as 
the mirror image. Butt joints were cut first near the ends and 
then progressively toward mid-span until a total of 80 butt 
joints (100 timber segments) were present. 

After completion of load tests using nine steel strips and 
up to 80 butt joints, further tests were run with 80 butt joints 
and up to 18 steel strips. The strips were added in a sym
metrical fashion as depicted in Figure 7. Friction between 
steel strips, as well as friction between wood and steel, was 
found to be adequate with no apparent slippage. 

TEST RESULTS 

Consider the structural behavior of the model bridge. The 
steel strips must resist all horizontal shear at mid-depth and 
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FIGURE 6 Plan view of butt joint pattern for top layer; bottom layer is mirror image. 
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transfer part of it to timbers placed away from the neutral 
axis. Both steel and timber resist flexural stresses and con· 
tribute to the flexural rigidity necessary to resist large dis· 
placements. The number and placement of butt joints together 
with the number of steel strips used become important for 
the structural action involved. In what follows, stresses in steel 
and timber are computed to show their variations. Equivalent 
truck loads are also shown for several conditions. 

Figure 8 shows a linear relationship between applied loads 
and average centerline displacements except when all butt 
joints are present under the maximum load of 320 lb. With 
only 20 butt joints present near end supports, the displace· 
ment curve lies close and nearly parallel to the curve for no 
butt joints, indicating that although half of two timber cross 
sections have been cut away, the structure's flexural rigidity 
has been affected very little. As more butt joints are employed, 
the curves are seen to be spaced farther apart, indicating the 
increasingly detrimental effects of added joints placed closer 
to the region of high flexure. 

It is not surprising that the curve for 80 butt joints lies 
farthest to the right and diverges from a straight line if it is 
recalled that 100 pieces of timber and nine steel strips, held 
together by friction, are being used to resist the maximum 
loading. The vertical line representing a displacement-span 
ratio of 1/200 indicates that fewer than 20 butt joints would 

be permitted for full load. Intersection of this line with the 
curve for all 80 butt joints suggests that about 280 lb would 
be permitted if such a displacement-span stipulation were in 
effect. As seen later, this 320-lb load will be more than 
adequate. 

Figure 9 illustrates an increased drop in timber modulus of 
elasticity (MOE) from 1,230 ksi to 865 ksi as the number of 
butt joints is increased toward 80. Not shown, however , is 
the drop from the actual modulus of solid wood of 1,405 ksi 
to 1,230 ksi caused by the use of the composite section in 
place of solid wood. The modular ratio, defined as the ratio 
of steel MOE/timber MOE, follows from Figure 9. These 
values are plotted in Figure 10. The large magnitudes between 
24 and 34 shown for the modular ratio suggest the increasingly 
important contribution to strength made by the steel strips as 
the number of butt joints increases. 

The modulus of elasticity of all steels lies between 29 and 
30 million psi. Therefore, high-strength steels provide no bet
ter defense against large deflections than low-strength steels. 
They do, however, have higher allowable stresses. 

Maximum timber and steel stresses under full (320 lb) load
ing are seen in Figures 11 and 12 to be well within usual 
allowable design stresses. First, for steel with a yield stress of 
50 ksi, about two-thirds (33.3 ksi) would be a reasonable 
allowable design stress where plate buckling is precluded. For 
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northern red oak, used at a maximum moisture content of 19 
percent, the Northeastern Lumber Manufacturing Associa
tion lists 1,600 psi as the allowable design stress for select 
structural beams and stringers. Note the increase in the steel 
stress curve to compensate for the decrease in the timber stress 
curve as the number of butt joints increases. 

Creep effects were obtained by leaving the full load in place 
for 24 hr before removing it . Displacements that occurred 
during that 1-day period are the differences between the bro
ken and solid curves of Figure 13. The two curves converge 
gradually left to right, indicating better control of creep as 
the amount of steel used is increased. The horizontal line 
representing the displacement/span ratio of 11200 suggests that 
about 12 steel strips are required to meet such a deflection 
requirement. Plotted also for 18 steel strips are centerline 
displacements obtained for closed butt joints. This closing of 
all butt joints allowed bearing stresses to be transferred between 
timber ends resulting in a 5.2 percent reduction in deflections. 

Flexural rigidity (El) is a measure of the internal stiffness 
of a cross section. It is affected by the number and placement 
of butt joints, by layering of timbers as opposed to solid full
depth timbers, by the amount and arrangement of steel used, 
and, to some degree, by the lateral compressive stress caused 
by the stressing rods. As a base, a solid timber deck 5.8 in. 
wide and 4/3 in. deep, with no butt joints, is used. Together 
with E = 1,450 ksi for the timber, the resulting base EI is 
1,609.28 k-in. 2 • Other values of EI are taken relative to this 

base El. Define a flexural rigidity ratio (FRR) as FRR = Ell 
base El. 

The variation in this FRR is depicted in Figure 14 as both 
the number of butt joints and the number of steel strips are 
varied. The initial value of 1.687 suggests that the composite 
beam with no butt joints and nine steel strips has 68.7 percent 
greater flexural rigidity than the beam with a base cross sec
tion . As butt joints are added, the FRR is seen to drop to a 
value of 1.43 for 80 butt joints and nine steel strips. The 
vertical line shows large FRR increases caused by the addition 
of more steel strips such that when 80 butt joints and 18 steel 
strips (9 percent) are employed, the FRR = 2.245. So, despite 
the decrease as a result of added butt joints, added steel raises 
the flexural rigidity considerably to 2.245 times the base value 
for a solid timber cross section of the same depth. These values 
bear cogitation. This increase in flexural rigidity is shown to 
be linear in Figure 15. 

To gain a better appreciation of load effects, the equivalent 
truck loading, with three axles spaced at 14 in. apart on the 
model, was computed as 170 + 170 + 42 = 382 lb versus 
320 lb actually applied. Obviously , the concrete blocks were 
concentrated nearer the centerline but gave the same deflec
tion as the envisioned total truck load of 382 lb. This effect 
occurs independently of the number of butt joints present. 

The study can be carried further by again considering the 
actual bridge with a 26-ft roadway width and the previously 
discussed displacement/span ratio of 11200. Here, axle spac-
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ings of 14 ft and a 4-to-1 axle load ratio are assumed, similar 
to standard truck loadings of AASHTO specifications. Values 
of the allowable total truck loads, corresponding to the num
ber of steel strips used for the model bridge, are shown as 
the lower straight line of Figure 16. The minimum allowable 
total truck (or trucks) load for the two-lane bridge is 211 kips 
to limit deflections and with only nine steel strips. Recall that 
for two HS25-20 trucks, the total load would be 2 x 90 = 
180 kips. 

What about the solid cross section? What allowable truck 
would it permit? Division of 211 kips by the previously given 
FRR = 1.43 indicates that 147 < 180 kips would be allowed. 
Needless to say, the composite timber-steel deck is quite effec
tive despite the many butt joints. Shown in Figure 16 also are 
lines representing the allowable truck loads with respect to 
steel and timber stresses. All curves vary linearly with the 
amount of steel used. The upper curve represents very high 
allowable loads based on the allowable timber stress. In other 
words, excessive timber stress is not the weak link in the 
design of such composite bilayer bridge decks. 

SUMMARY 

The composite model bridge deck, with two layers of timbers 
and with steel strips sandwiched between them, successfully 
carried larger loads than would normally be expected. Up to 
80 butt joints (100 individual timber lengths) caused consid
erable reduct10n m the effective timber modulus of elasticity 
resulting in computed modular ratios between 24 and 34. 
These high values point to the importance of the nine steel 
strips used to effectively limit displacements. With 18 steel 
strips (9 percent of steel) and 80 butt joints, the model was 
found to have 2.25 times the flexural rigidity of a structure 
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with the same cross-section dimensions but with solid timbers 
of the same species and no steel strips. 

Results of the one-twelfth scale model were projected to 
an actual structure. Allowable total truck loads were com
puted with respect to deflections, steel stresses, and timber 
stresses. The smallest allowable truck loads were caused by 
the imposed deflection limitation. The minimum allowable 
truck load of 211 kips exceeds the 180 kips that would be 
caused by two standard HS25-20 trucks. Allowable truck loads, 
based on allowable timber stress for the red oak used, were 
much greater than needed. An important part of the eco
nomical design of such a structure lies in the selection of the 
proper depth and the correct amount of steel. It is hoped that 
full-scale testing of the bilayer reinforced stressed timber deck 
bridge proposed in this paper will commence in the not-too
distant future. 
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Dunlap's Creek Bridge: Enduring 
Symbol of American Endeavor 

MARTIN P. BURKE, JR. 

The Dunlap's Creek Bridge of Brownsville, Pennsylvania, was the 
first all metal bridge constructed in the United States. It is located 
about 25 mi south of Pittsburgh near the Route 40 crossing of the 
Monongahela River. Designed by Captain Richard Delafield of the 
Corps of Engineers, it was constructed by ironmaster and steam 
engine builder John Snowden. Unobtrusively, this unstrengthened 
bridge continues to carry daily traffic and full legal loads. Although 
obscure and generally unheralded, it stands today after 150 years 
of service, an enduring symbol of American endeavor. 

John Snowden was probably elated and a little apprehensive 
that day in 1836 when he learned he had been chosen to cast 
and erect the new Dunlap's Creek Bridge, the first cast iron 
bridge to be constructed in America (Figure 1). 

THE IRONMASTER 

Snowden, the 40-year-old proprietor of the Vulcan Iron and 
Machine Works of Brownsville, Pennsylvania, emigrated to 
this country as a young blacksmith from Scarborough, Eng
land. With his wife, Mary, and two small daughters, Ann and 
Elizabeth, he came to western Pennsylvania in 1818 looking 
for work. After working a short time for wages, he was able 
to open his own small blacksmith shop. Thereafter, a contin
uing demand for tools, appliances, and mechanical devices 
enabled him to build a foundry and machine shop. In 1836, 
at age 40, he was proprietor of one of the most successful 
iron manufacturing plants in the region. 

When young Snowden first arrived in Brownsville, he found 
a thriving transportation center. Being a long-established inland 
port town located at the headwaters of the Monongahela River, 
it was a major western terminus for the Cumberland Road 
(National Road). Through it passed immigrant traffic moving 
west and merchant traffic moving both east and west. As one 
man observing traffic on the road remarked, "It looked as if 
the whole earth was on the road, wagons, stages, horses, 
cattle , hogs, sheep, and turkeys being there without number" 
(1, p. 253). 

At Brownsville, flatboats, keelboats, and other types of 
river craft were built and made available to settlers bound for 
the western wilderness by way of the Monongahela and Ohio 
rivers. When Snowden arrived there in 1818, he found this 
town, with a widespread reputation for constructing outstand
ing river boats , pioneering the development of western river 
steamboats. Within 18 years, Snowden's own Vulcan Iron and 
Machine Works was successfully competing with nearby Pitts-

Burgess & Niple, Limited, Engineers and Architects, 5085 Reed Road, 
Columbus, Ohio 43220. 

burg (Pittsburgh) steam engine manufacturers for local steam
boat contracts. So when Snowden was informed that he and 
his plant had been selected by Captain Richard Delafield of 
the Corps of Engineers to build the first cast iron bridge in 
America, he must have realized that this huge contract would 
be a significant challenge on top of an already challenging 
career. 

The Corps of Engineers was in charge of the repair and 
reconstruction of the National Road . This early wilderness 
road was originally opened and periodically improved to 
encourage immigration of settlers to the West. The road orig
inated at the headwaters of the Potomac River (Cumberland , 
Maryland) and climbed westward through the Appalachian 
Mountains. After reaching the western plateau, the road passed 
through Brownsville, across the Dunlap's Creek Bridge near 
the Monongahela River and then westward across the Mon
ongahela River toward Wheeling, Virginia (West Virginia). 

The old Dunlap's Creek Bridge was located only a few 
blocks south of Snowden's iron works. It was a multiple span 
timber structure supported on stone piers and abutments . 
Built in 1821 by Samuel Story, just 3 years after Snowden 
arrived in Brownsville, it was the third recorded structure to 
span the mouth of Dunlap's Creek. The constant and heavy 
traffic on the road past Snowden 's plant and across the bridge 
had deteriorated the bridge to such an extent that just 11 
years after its construction, Lieutenant J. K. R. Mansfield of 
the Corps of Engineers wrote that "the bridge would not stand 
a twelve-month" (2, p. 164). Its replacement by Snowden 
would be the last federal contract for the reconstruction of 
the eastern section of the road-the most historic section of 
this nation's most historic road . 

THE ENGINEERS 

Captain Richard Delafield, superintendent in charge of this 
reconstruction, and his assistant, Lieutenant George W. Cass, 
were both graduates of the U.S. Military Academy at West 
Point. Delafield was a 20-year-old graduate in 1818 and Cass 
a 22-year-old graduate in 1832. The Academy, founded in 
1802, was initially an apprentice school for military engineers, 
and in effect, was the first school of engineering in the United 
States. Consequently, both Delafield and Cass and the other 
members of the Corps who assisted them were probably the 
most highly qualified group of engineers in the United States 
at that time. 

When Captain Delafield was considering the replacement 
of the dilapidated bridge, he explained to his superiors why 
he was proposing to use cast iron for the structure. In a Sep-
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FIGURE 1 The Dunlap's Creek Bridge of Brownsville, Pennsylvania, the first cast iron bridge 
built in the United States. Photo courtesy of the Prince Maccus Publishing Company. 

tember 30, 1833, letter to the chief engineer (3, p. 2), he 
wrote: 

In the estimates of services of the year I have asked for an 
appropriation for a cast-iron bridge for Dunlap's Creek, induced 
0 10 do from rhc circumstances Of finding no durable Lone 

1hat will re i t lhe thrust of lhc md1 rcquirec.l 10 span the 
creek . . . preferring it to a wo den struc1urc perishable from 
th decay of timber, and expo ed to fire , 11 risk more hazardous 
fh n with the many excellent trucrnres oflhe kind throoghou1 
the country. from the circum$tances of there being n guard 
or toll keeper to prevent travel ·rs carrying fire through it and 
upon it . 

That Captain Delafield was fully aware of the uniqueness 
of his proposal is revealed in another of his letters to the chief 
engineer dated March 21 , 1836 (3, p. 1). 

In some one of my communications of last fall I intimated that 
I had matured in my mind the plan of tl11: nst Iron Bridge 
to be constn1c1ed over Dunlap's ree.k-diffcring in it prin
ciples of construction from any or which I could find a notice 
by either English or French Engineers. 

... Presuming you would be plea cd to see the plans before 
I can have it in my power to file copies of them in your Depart
ment, and that the ccrctary of War niight wi h to sec plans 
of Lhc first lron Bridge 1.0 be con. tructed in the country,-[ 
have directed Lieut. 1cKcc to pass Lluu : Washington on his 
way to Brownsville. 

Both Captain Delafield and John Snowden appeared to be 
fully aware of the difficulty of casting and erecting a cast iron 
bridge. This is revealed in their agreement to build the struc
ture under a cost-plus contract. This contract would protect 
Snowden from the uncertainties involved in building such an 
unusual structure. It would also afford Delafield the oppor-

tunity to exercise more direct control over the purchase of 
iron, casting, and machining the pieces, and controlling and 
approving the assembly and erection. Delafield's comments 
about the unusual aspect of this contract are recorded in his 
March 21, 1836, letter to the Chief Engineer (4, p. 1). He 
wrote: 

I propose having the castings made by a foundry at [Browns
ville], purchasing all the material myself, paying the mechanics 
and laborers for the time actually employed, and as a rent for 
the foundry, use of the Lathes, Engines, workshops, Tools, 
and skill and service of the proprietor and foreman, give a 
percentage upon the wages of the people employed-By this 
course, I secure a choice of metal; and can control the mode 
of casting in any way it may be found desirable. Lieut. Cass 
has been ordered to go to the furnace!' [at Portsmouth, Ohio) 
and purchase the pig metal of a quality similar to that used at 
Pittsburg for Gun metal. 

Delafield's reference to the foundry's proprietor and fore
man referred to John Snowden and John Herbertson, respec
tively. Herbertson, like Snowden, came to America as a young 
craftsman. He was born in Glasgow, Scotland, on September 
16, 1805. After being apprenticed to a joiner and cabinet
maker, he emigrated aboard the ship Commerce, arriving here 
in 1822. He settled first in Pittsburgh and worked in one of 
the many steam engine manufacturing plants there. He then 
moved to Brownsville about 1827 to work on the steamboat 
Highlander and to become foreman in John Snowden's machine 
shop. 

John Snowden had previous contracts with the Corps of 
Engineers. One of the largest was a contract to furnish the 
cast iron mile markers for the portion of the National Road 
between Brownsville and Wheeling. However, the contract 
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to cast and erect the new Dunlap's Creek Bridge could well 
be the most difficult project that he; his foreman, John Her
bertson; and the rest of his employees had undertaken. 

THE BRIDGE 

Details of Delafield's design are illustrated on Figure 2, a 
copy of Sheet 2 of record drawings for the bridge, drawings 
that are signed by Captain Delafield. On the left, the assem
bled structure is shown with lower elliptical arch segments 
(voussoirs) supporting lattice-type triangulated spandrel 
members, roadway retainer plates, and a wrought iron side
walk railing. The structure is described in an original memoir 
dated September 27, 1837, and signed by both Delafield and 
Cass (5, p. 206). 

The Abutments and Wing Walls of this bridge are Built of 
sandstone. The abutments are 25' across the front , 14' thick 
and an average height of 42'. 

The span of the arch is 80' and the rise 8'. 

The arch is composed of 5 ribs 5'. 77 distant from centre to 
centre; .... 

The massive, or lower part of each rib is composed of nine 
pieces, or segments, of equal lengths called voussoirs. The 
voussoirs composing the same rib are not in immediate contact: 
transversal, or cross plates traversing a t right angles all the 
ribs. 

The voussoirs are hollow; a section gives two concentric 
ellipses ... the transversal and conjugate axis of the outer 
ellipses are 2' -6" and 10 31." ... , the thickness of the voussoirs 
being 1.37". 

To prevent lateral motion , cross plates traverse at right angles 
all the ribs, and are as many in number as there are joints 
between the voussoirs of each rib. The cross plates are 24'-8" 
from out-to-out, 2'-6" wide and 21/z'' thick .... 

As illustrated and described, the casting, machining, and 
assembly of the parts of this structure would be a challenge 
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even for today's bridge fabricators. For Snowden, Herbert
son, and the other iron workers, the number and size of 
castings required for this structure must have appeared intim
idating, considering the relatively crude equipment available 
to them in 1836. For example, there were to be a total of 250 
castings. The curved tubular arch rib segments each weighed 
1 Yz tons. The immense 24-ft-8-in.-(7.52-m) long transverse 
brace plates weighed 2112 tons apiece. The work was further 
complicated because the various parts of the structure-arch 
segments, transverse brace plates, spandrel supporters, and 
curved floor plates-had to be cast and finished to tolerances 
close enough to assure a suitable structural fit. 

When Delafield chose ironmaster John Snowden to furnish 
all of the iron work for the Dunlap's Creek Bridge, he appar
ently had full confidence in both Snowden and Herbertson. 
This confidence was probably based on his own inspection of 
Snowden's forge, foundry, and machine shops where he could 
observe pattern and mold making and the casting and machin
ing of steam engine parts and other mechanical equipment. 
Because the first steamboat built in Brownsville, the Comet, 
was launched in 1813, by 1833 local labor and skilled crafts
men had up to 20 years of iron working experience building 
steamboat engines of greater and greater size. 

It may not be entirely coincidental that the tubular segments 
chosen by Delafield for the arch ribs of the Dunlap's Creek 
Bridge appear similar to the cylinders being made at that time 
for steamboat engines (Figure 3). In fact, the work of the 
engine builders may have been the inspiration for Delafield 
when he first contemplated using cast iron for the Dunlap's 
Creek Bridge. 

BRIDGE CONSTRUCTION 

To supplement his own facilities at the Vulcan Iron and Machine 
Works, Snowden rented the vacant William Cock Foundry to 
cast the huge pieces for the bridge. This foundry was located 
at the corner of Water and Bridge streets, immediately south
west of the bridge site. 
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FIGURE 2 Record plan of the Dunlap's Creek Bridge signed by the designer, Captain 
Richard Delafield. Photo courtesy of the Museum of American History. 
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Construction of the extensive masonry abutments and wing
walls began late in 1836 under a separate contract with Messrs. 
Keys and Searight. They finished their contract in September 
1837. Construction of the structure was not uneventful. In a 
November 1837 report, George Cass summarized his expe
riences as follows (3, p. 5): 

Everything seems to have gone wrong since the commence
ment of this work and I do hope that I may never have such 
another job in my life again. It has from the beginning to this 
time given me more trouble and uneasiness than a work of 10 
times the magnitude ought to have done-and the only con
solation that I have is that I have tried to do the best for the 
government and believe that I have done as well as would have 
been done by anyone else although perhaps not as well as 
could have been done. 

Erection of the cast iron tubular arch segments, transversal 
plates, spandrel supporters, curved 1-in.-thick floor plates, 
and roadway retainer plates were probably assembled under 
John Herbertson's direction. Erection of the superstructure 
advanced to the extent that the structure was opened to traffic 
in July 1838 just 1 year before its completion and dedication. 
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Problems with superstructure erection appear to be revealed 
in a final report containing a summary of relative costs for 
various portions of the structure. The masonry abutments 
accounted for 50 percent of the total cost of the structure. 
Purchasing pig metal and making 250 castings accounted for 
24 percent. Fitting castings accounted for 12 percent of the 
total cost, or one-third the cost of the superstructure. Although 
fitting castings probably included the cost of machining and 
grinding, this high cost for assembly suggests problems of 
geometric stability and dimensional control made more dif
ficult by the immense size of some of the pieces that had to 
be cast, manipulated, and machined. 

After erecting the superstructure, the cast iron surfaces 
were covered with a coat of "gas tar" and three coats of white 
lead paint (4, p. 4). It was officially dedicated on Indepen
dence Day, July 4, 1839. 

Observing the structure 5 years later, the historian Sherman 
Day was inspired to write, "It [the Dunlap's Creek Bridge] 
is the only one of its kind, and probably the most splendid 
piece of bridge architecture in the United States" (6, p. 149) 
(Figure 1). 

FIGURE 3 Tubular arch segments of the Dunlap's Creek Bridge. Photo 
courtesy of the Museum of American History, Washington, D.C. 
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EPILOGUE 

The designers and builders of the Dunlap's Creek Bridge were 
more successful than they could have imagined. Its two imme
diate predecessors survived less than 24 years. Judge James 
Finley's chain link suspension bridge collapsed after only 9 
years, and Samuel Story's multiple span timber structure rap
idly deteriorated to a "dilapidated condition" in less than 15. 
In contrast, the Delafield/Snowden cast iron arch structure 
has now been serving traffic for 150 years. 

A number of circumstances contributed to the bridge's sur
vival. Obviously, it was well designed, well built, and con
structed of durable materials. Development of the canal sys
tems and railroads diverted much of the early heavy traffic 
away from the National Road and the bridge. Finally and 
fortunately, relocation of Route 40 (National Road) at 
Brownsville relieved the structure of the heavy traffic char
acteristic of a mainline highway. 

After constructing the Dunlap's Creek Bridge, its designers 
and builders continued to lead eventful lives in service to their 
neighbors and their nation. Richard Delafield served as super
intendent of the U.S. Military Academy at West Point, Chief 
of Engineers of the U.S. Army, and Head of the Corps of 
Engineers. George W. Cass, who was in charge of all aspects 
of the bridge's construction, had an eventful career in the 
field of transportation. He organized the first steamboat line 
on the Monongahela, established an express company, and 
became president of a number of railroad companies. He was 
twice the Democratic candidate for governor of Pennsylvania. 
John Snowden continued building steam engines and steam
boats. During the Civil War, he once again expanded his 
plants to build the revolutionary steam-powered river moni
tors, Manayunk and Umpqua for the Union Navy. Family 
tradition says that John Herbertson drew the plans for the 
bridge (probably the shop drawings), made the patterns, and 
supervised the casting. He took over the rented William Cock 
Foundry where the bridge castings were made and it became 
known by his name. He and his sons continued there to build 
steam engines and other mechanical equipment for the boat 
building industry. 

Today, the Dunlap's Creek Bridge can be found on a quiet 
street in Brownsville, Pennsylvania. Its once glistening white 
paint has long since been lost to dull gray; its once graceful 
arches are now shadowed and partly hidden by structural 
brackets and protruding sidewalk slabs. Vacant and decrepit 
buildings that line the street and crowd the creek are its silent 
companions. The immigrant traffic has long ago disappeared 
into dusty histories; the clatter and rattle of horse-drawn wagons 
and the reverberating echos of steamboat whistles have faded 
from memories; and the quiet steps of an occasional stroller 
have replaced the scurry of anxious pedestrians. Occasionally, 
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the blast of a trucker's trumpet horn shatters the stillness and 
raises to consciousness the steady swish and whine of high
speed highway traffic as it passes by overhead. Solitude now 
reigns where once tumult was king. 

Amidst decay and neglect the bridge still stands, an obscure 
monument marking the end of the long wilderness road from 
Cumberland to Brownsville, the first port of embarkation for 
the voyage to the "land of promise." For those who know 
and care to remember, the silent presence of this first iron 
bridge evokes thoughts and visions not only of the immigrant 
traffic that the road and bridge made possible, but also of 
engineers Captain Richard Delafield and George W. Cass 
who designed the bridge and supervised its construction, engine 
builders John Snowden and John Herbertson who built the 
bridge, and all of the other individuals who helped to open 
the road and rivers for the great migration to the West. The 
Dunlap's Creek Bridge has become a lasting testament to their 
ambitions, efforts, hardships, and accomplishments. Although 
obscure and generally unheralded, it stands today after 150 
years of service, an enduring symbol of American endeavor. 
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Steel Arches Used in Bridge 
Reconstruction Over 1-5 

JOHN A. v AN LUND, ROBERT L. CHEN, YESH A. MHATRE, 

AND UMESH C. V ASISHTH 

This article reviews the design and reconstruction of the Capitol 
Boulevard Bridge over 1-5 in Olympia, Washington. The existing 
superstructure was retained, and a new arch supporting system 
was designed to replace the existing concrete piers as part of a 
$130,000,000 Interstate widening project. The paper describes the 
structure types studied, the external peer review comparing the 
constructibility of the concrete and steel alternatives, and the influ
ence of aesthetics on the selection of the final structure type, two 
steel arches. The design of the tieback wall system, spread footing, 
elliptical twin-cell box arches, and load transfer by jacking is also 
described. The cost of the reconstruction was $3,900,000, including 
$1,600,000 for the tieback retaining wall system. 

A decade-long project to widen 7 mi (11.3 km) of 1-5 through 
Olympia, Washington, is scheduled for completion in 1992 
and will cost $130,000,000. Of the 18 bridges spanning 1-5. 
the Capitol Boulevard undercrossing (Figure 1) posed the 
most interesting engineering challenge. At this location, 1-5 
is 70 ft (21.4 m) below the Capitol Boulevard Bridge and is 
confined by embankments on each side. As originally con
structed, 1-5 had two lanes in each direction separated by a 
median. Together with shoulders, the overall width was 80 ft 
(24.4 m); the widening increased the number of lanes to four 
in each direction and increased the overall width to 146 ft 
(44.5 m). 

The Capitol Boulevard undercrossing was built in 1957 to 
span the proposed location of I-5, which was to be carved out 
of a steep natural hillside . This continuous steel plate girder 
bridge has three spans of 84, 110, and 84 ft (25.6, 33.5, and 
25.6 m) with girders spaced at 14.25 ft (4.34 m). The roadway 
width is 56 ft (17 .1 m) curb to curb with two 6-ft (1.83 m) 
sidewalks. The existing reinforced concrete piers are 75 ft 
(22.9 m) high, and I-5 below is confined to the 110-ft (33.5 
m) middle span between piers . The angle between the cen
terline of the bridge and that of 1-5 is 81 degrees. This angle 
together with the restrictions caused by the existing piers lim
ited further widening of I-5 to three lanes in each direction 
with little or no room for inside shoulders. 

SITE AND TRAFFIC CONSIDERATIONS 

The problem was clearly defined: how to squeeze additional 
lanes for I-5 under the existing bridge. Several factors made 
saving the existing bridge superstructure economical. Struc
turally the deck and girder system were in sound condition. 

Bridge and Structures Branch, Washington State Department of 
Transportation, Transportation Building, Olympia, Wash. 98504. 

The steel used in the girders was 50 ksi (344 MPa) high
strength steel, which was not as widely used as ASTM A 7 36 
ksi (248 MPa) steel in 1957. The concrete in the deck was not 
cracked, spalled, or deteriorated. There were telephone cables, 
a gas line, and a recently relocated water line on the bridge. 
The existing alignment could not be improved without dras
tically filling and regrading the site. Therefore, building a new 
bridge adjacent to the existing bridge would be expensive. 

I-5 is the only major north-south Interstate highway between 
the port cities of Portland, Oregon, and Seattle, Washington. 
It is the primary commercial artery from San Diego, Califor
nia, to Vancouver, British Columbia. Therefore , a funda
mental design consideration, in addition to saving the existing 
bridge superstructure, was that traffic on the bridge as well 
as on I 5 belo\v could not be halted or interrupted. However, 
traffic could be shifted from side to side during construction. 

STRUCTURE TYPE 

Eight structure types (Figure 2) were considered as replace
ments for the existing piers. Preliminary sketches were pre
pared and submitted for architectural review. The concrete 
sloped-leg portal frame (Figure 3) and steel arch (Figure 4) 
were selected for further study. Models were built that allowed 
the aesthetics of the alternatives to be compared, indicated 
how each blended with the natural environment, and per
mitted critical evaluation from different perspectives. Specific 
factors considered in selecting the final structure type were 
function, form, proportion, color, character, economy , con-
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FIGURE 1 Existing structure before rehabilitation. 
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FIGURE 2 Replacement structure types. 

structibility, and most important, potential hazard to the high
way users. 

EXTERNAL PEER REVIEW 

The external peer review of the cost estimates and construc
tibility of the concrete sloped-leg frame and steel arches was 
prepared by Andersen Bjornstad Kane Jacobs, Inc., Con
sulting Engineers, Seattle, Washington. It was determined 
that the concrete sloped-leg frame would be 43 percent less 
expensive to construct than the steel arch, not including the 
cost of the tieback walls. 

To construct a cast-in-place sloped-leg concrete frame would 
require falsework on and over 1-5 and would necessitate shift
ing traffic for a period of 5 to 7 weeks . This time frame would 
allow for constructing falsework, placing forms and concrete, 
curing of concrete, and form and falsework removal. The 
outside Janes of 1-5 would be closed and a wider median 
constructed to accommodate a center falsework bent. The 
construction required for this option would cause traffic inter
ruptions and potential hazard to the highway users. 

Precast elements could be used in the sloped-leg concrete 
frame, which would reduce the traffic hazard period to 3 or 
4 weeks. However, erection of two center struts weighing 
approximately 70 tons (63.5 metric tons) would require closing 
1-5 if they were cast full-length and erected without a center 
falsework bent. Halting traffic on 1-5 for any period was unac
ceptable. If the center span struts were cast in two pieces, a 
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FIGURE 4 Steel arch alternative. 

center falsework bent would be required and would pose con
struction problems similar to those of the cast-in-place frame . 

The steel arch alternative would require no falsework . The 
steel elements could be supported by the existing Capitol 
Boulevard Bridge girders. It would be necessary to restrict 
traffic to the two center Janes on the Capitol Boulevard Bridge, 
without load restriction, until the arch was self-supporting. 
Traffic on 1-5 below would have to be shifted from side to 
side during delivery and erection of the center crown cross
beam, two end crossframes, and four arch halves. One week 
would be required to erect and connect all elements of the 
steel arch assuming that all components of the arch were 
properly fabricated. 

The external peer review concluded that the steel arches 
would cause the minimum traffic interruption and hazard to 
the public. 

AESTHETICS 

An aesthetically correct structure causes the observer to expe
rience a positive emotional experience as a result of his or 
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her visual perception of the simplicity, strength, and purpose 
of a structure. According to F. Leonhardt (J): 

The arch is the strongest embodiment of a bridge, its shape 
expresses obviously its ability to carry the loads across a river, 
valley, or gorge. Therefore, arch bridges are considered beau
tiful by their evidently suitable shape. This is valid for small 
and large arch bridges alike. 

From the standpoint of aesthetics, the curved lines of the 
steel arch are more pleasing than the straight lines of the 
concrete sloped-leg frame. 

Three major factors favored the selection of the steel arch: 
ease of construction, minimal hazard to the highway users, 
and beauty. 

PERMANENT SHORING WALLS 

Before constructing the arch foundation, excavation of the 
steep slopes was necessary. To provide space for constructing 
the arch foundation and to prevent sliding of the existing end 
abutments of the Capitol Boulevard Bridge, a permanent 
retaining wall system with a maximum height of S4 ft (16.S 
m) was needed. Site conditions, such as the close proximity 
of the proposed arch abutments, the limited vertical clearance 
under the bridge, and the close proximity of the existing end 
abutment footings, limited the type of wall that could be 
constructed. 

Fuu1 wall type~ we1e studied: a co1ive1itio1ial tieback retaii-1-
ing wall, an element wall, general proprietary wall systems, 
and a hand-dug reinforced concrete soldier pile wall. The 
tieback retaining wall with soldier piles placed through holes 
in the bridge deck was chosen as the most feasible option. 

Soil Conditions 

All the soils at the site are glacially consolidated with near 
horizontal bedding planes. In general, the soils consist of 
loose-to-medium-dense silty fine sand or sandy silt above ele
vation 90 (27.S m), and medium-dense-to-dense silty sand 
below elevation 90 (27.S m). A 10- to lS-ft-(3.0- to 4.6-m)
thick layer of wet silt was encountered between elevation 9S 
to 108 (29.0 to 32.9 m). No static groundwater was found in 
the four test holes drilled at the site. 

Earth Pressure Coefficients 

The tieback wall was designed to resist static and earthquake
induced earth pressure. For a wall with another structure 
within a lateral distance equal to ~ice the wall height the 
average static pressure coefficient, K, is determined from the 
following equation (2, p. 40): 

where 

x = lateral distance from adjacent structure to wall, 
H = wall height, 

K
0 

= coefficient of at-rest earth pressure, and 
K

0 
= Coulomb's active earth pressure coefficient. 

(1) 
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The pressure diagrams for K, the lateral pressure resulting 
from the soil overburden, and weight of the existing bridge 
abutment are shown in Figures Sa, Sb, and Sc. 

The lateral earthquake earth pressure coefficient was deter
mined from a Mononobe-Okabe pseudo-static analysis. The 
additional dynamic earth pressure coefficient, t:..K0 _, was 
assumed to be uniformly distributed along the wall and com
puted as follows: 

(2) 

where 

K
0

e the coefficient of lateral earthquake earth pressure, 
and 

K
0 

Coulomb's active earth pressure coefficient. 

Soldier Piles 

Soldier piles were spaced from 6.0 to 7 .S ft (1.8 to 2.3 m) 
apart and were fabricated from two HP 12- x 84-pile sections 
that were butt-welded at the flanges (Figure 6). As many as 
eight tieback anchors were required for each soldier pile because 
the maximum depth of excavation was S4 ft (16.S m). These 
tieback anchors were drilled at an angle of lS degrees to the 
horizontal. Large vertical forces from the vertical component 
of the tieback anchor forces were resisted by an allowable 
skin friction value of 1 kip per square foot (47.9 kN/m2

) and 
an allowable end bearing value of S ksf (239.4 kN/m 2

) at the 
bottom of the soldier pile. 

Anchors 

The high-strength steel prestressing strands were designed for 
anchor loads ranging from a low of 60 kips (267 kN) to a high 
of l2S kips (SS6 kN). The capacity of each anchor is dependent 
on the type of anchor installed, drilling equipment used, expe
rience of the contractor, and quality of workmanship. Four 
anchors on each wall were verified by performance tests. In 
addition, each anchor was prooftested before acceptance. To 
ensure long-term stability of the tieback wall, the free stressing 
length or no-load zone was extended beyond the critical fail
ure plane, but not less than 17 ft (S.2 m) into the soil in order 
to avoid unacceptable prestress losses resulting from creep in 
the anchor or soil. The tieback wall and anchor configuration 
are shown in Figure 7. 

The complete encapsulation of the anchor was accom
plished by installing the anchor in a corrugated high density 
polyethylene tube and pressure grouting inside and outside 
the tube. In the no-load zone nearest the wall, the strands 
were individually greased, sheathed, placed in the polyvinyl 
chloride (PVC) or high-density polyethylene tube and pres
sure grouted inside the tube. They were not grouted on the 
outside, but were surrounded by a nonstructural filler such 
as a weak soil-cement mixture. 

Timber Lagging 

Treated timber Jagging was 4 x 12 in. (10.2 x 30.S cm) for 
soldier pile spacing 7 .0 ft (2.13 m) or less, and 6 x 12 in. 
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FIGURE 7 Tieback wall anchor configuration. 

(15.3 x 30.5 cm) for soldier pile spacing greater than 7.0 ft 
(2.13 m). 

The lagging was designed for a uniformly distributed pres
sure equal to 50 percent of the lateral earth pressure and was 
assumed to be simply supported between the soldier piles. 
The 50 percent reduction was a result of the soil arching effect 
behind the wall. The uniform pressure distribution approxi
mating the actual parabolic distribution was derived from Ter
zaghi's experiments (J, p. 267). 

Fascia Wall 

The reinforced concrete fascia wall has a minimum thickness 
of 12 in. (30.5 cm). The concrete strength had a compressive 
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strength of 3,000 psi (20.7 MPa) and was anchored to the 
soldier piles by two rows of concrete shear connectors spaced 
12 in. (30.5 cm) on center. The exterior of the fascia wall had 
a fractured fin finish. 

ARCH FOUNDATION 

Arch bridges are normally founded on rock. Any movement 
of the support, particularly for fixed-end arches, will produce 
additional stress on the arch and, if not corrected, lead to a 
sag at the crown. Rock stratum does not exist at this site; 
therefore, the arch would have to be supported on either a 
spread footing or a pile-supported footing. 

When compared to pile-supponed foundations, spread 
footings are relatively inexpensive. Driving and splicing piles 
under the existing Capitol Boulevard Bridge would be expen
sive because of the limited vertical clearance and would con
flict with the adjacent tieback retaining wall. The reinforced 
concrete arch abutment and spread footing (Figure 8) were 
more economical to construct than a pile-supported founda
tion. The bottom of the footing was located at the top of the 
medium-dense-to-dense silty sand layer to avoid a layer of 
compressible sandy silt. The total weight for each arch abut
ment, including the 31.5- x 37.5- x 5-ft-thick (9.6- x 11.5-
x 1.5-m)-thick footing, was 825 tons (748 metric tons). The 
settlement for total dead and live load, which produced a 
-..-. •• :-•• - .C.-.. •• -.-1"'.i.: ........... --..-..-..-. •• - .......... .C'J +"' .... ,., .......................................... .C,...,,,.._ f,.,O'i ') 
lllaA1111Ulll 1UU11Udl1UH _l.Jlc;.l:')l:')UlV Ul J lVlJ;:) p~t "lfUdl"-' .LVVl \~O I .J 

kN/m2), was estimated to be 2.7 in. (6.9 cm). 
Space under the arch pin bearings was provided for six 100-

ton (90. 7 metric ton) jacks so that the arch could be restored 
to its original position (if unanticipated and excessive foun
dation settlement should occur). All settlement was expected 
to occur within 2 weeks after load transfer from the existing 
piers to the arches. Footing settlement was monitored con
tinuously during construction. 

ll.25ft 
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l4,75ft I 
14.5m1 

ft 
ll.7ml 

Elev. 86.2 
12G.3ml 

FIGURE 8 Reinforced concrete abutment and footing. 
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ARCHES 

Unique Elliptical Arch Shape 

A two-hinged arch was chosen because of potential support 
settlement, which in a fixed arch would produce large moments. 
The hinges or pins are located at each abutment. For a two
hinged arch with a rise-to-span ratio greater than 0 .2, the 
ideal arch shape for a uniform dead load over the entire span 
is a parabola (4, p. 121). Modern steel arch bridges have such 
a shape (5 , p. 281-303; 6, p. 626; 7, p. 124). 

Three major geometrical constraints dictated the arch shape: 
minimum span and rise, maximum vertical clearance for traffic 
on the inside lane and shoulder of 1-5 below the arch, and 
adequate vertical clearance beneath the existing pier cross
arms to permit existing pier demolition. Clearances for par
abolic and elliptical shaped arcs were compared. The para
bolic arc provided more clearance beneath the pier crossarms , 
but the elliptical arc provided greater vertical clearance for 
traffic beneath the arch, which was a major factor favoring 
the choice of a symmetrical elliptical arc (Figure 9) for the 
arch shape. 

The equation of an ellipse is 

x21a 2 + y21b2 = 1 (3) 

The parametric coordinates that satisfy this equation are 
(8, p. 2) 

x = a cos <I> and y = b sin <I> (4) 

Differentiating , the slope at any point on the elliptical arc 
is (8, p. 2) 

dyldx = - (bla) cot <I> (5) 

From the crown of the arch, offsets to any point on the 
arch, for fabrication purposes, can be determined from 

Y = b(l - Vl - x 2/a 2) (6) 

where a is the major axis and bis the minor axis of the ellipse. 

x 

l 

J x 

Span 

FIGURE 9 Symmetrical two-hinged elliptical arc. 
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Arch Analysis and Design 

There are two arches spaced 54 ft (16.5 m) on center each 
with a span of 184 ft (56 .1 m) and a rise of 49 ft (15 .0 m). 
The depth of the cross section varies from 6.0 ft (1.83 m) at 
the springing to 4.0 ft (1.22 m) at the crown. The width of 
the top and bottom flanges are 7.0 ft (2.13 m). There are 
three webs that divide the box section into two equal cells 
(Figures 10a and lOb). High-strength steel with a yield strength 
of SO ksi (344 MPa) was used throughout. All welds were 
made in the shop and all field splice connections were made 
with 'l's-in .-(22-mm)-diameter ASTM A325 high-strength bolts. 

The arch was analyzed using the computer program 
STRUDL. The elliptical arc was modeled by a series of straight 
members (9, p. 337-338) . The following load cases were used: 

1. DL + LL + I + differential settlement 
2. DL + LL + I+ differential settlement + temperature 
3. DL + LL + I + differential settlement + wind 
4. DL + differential settlement + earthquake. 

Load Case 4 governed because the structure is located in a 
seismically active region . 

The arches are 7.0 ft (2.13 m) wide and are braced at the 
quarter points by the end crossframes and at the crown by a 
crown crossbeam. The arches can resist transverse forces with-
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out the need for cross-bracing, which gives the structure a 
streamlined appearance. 

The flange plate thicknesses were checked for local buckling 
according to AASHTO specifications (10, p. 145-146) so that 

where 

b = width of flange plates between webs and 
tr = flange thickness. 

(7) 

Two longitudinal stiffeners were used at the third points of 
each arc web so that (10) 

D/t = 10,000/JaO 5 :'.S 120 

Is = 2.2 Dt3 

b'/t' = 1,625/(fa + /j3)0 5 :'.S 12 

where 

D = web depth, 
t = web thickness, 

(8) 

(9) 

(10) 

Is = moment of inertia of the web stiffener about its base, 
b' = width of outstanding stiffener element, 
t' = thickness uf uulslauding stiffener element, 
f. = axial stress resulting from the applied loadings, and 
f 0 = bending stress resulting from the applied loadings. 

The arch sections satisfied the following interaction equa-
tion (JO, p. 145-146) 

where 

Fa = allowable axial stress, and 
Fb = allowable bending stress. 

(11) 

The allowable axial stress, Fa, was determined from (JO, p. 
145-146) 

where 

FY = yield stress of the steel, 
2.12 = factor of safety, 

(12) 

K = 1.1 for a two-hinged arch with rise-to-span-ratio less 
than 0.3. 

L = one-half the length of the arch rib for in-plane buck
ling, 

r = radius of gyration, and 
E = modulus of elasticity of steel. 

Load Transfer 

New girder bearing stiffeners were field-bolted to the existing 
girders at the end abutments, end crossframes, and crown 
crossbeam. Permanent steel jacking beams were placed between 
the existing girders, which were spaced at 14.25 ft ( 4.34 m) 
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centers and field-bolted to the bearing stiffeners. These beams 
were designed so that the existing superstructure could be 
lifted off the existing piers and the load transferred to the 
new arches. 

Jacks were located adjacent to the girders (Figure 11) with 
space allowed for new bearings under the girders. Jacking was 
completed at the end crossframes before jacking at the crown 
crossbeam. This applied most of the superstructure dead load 
as two symmetrical concentrated loads 28 ft (8.5 m) from the 
arch pin bearings, which reduced the bending moment on the 
arch. 

The contractor was permitted to jack the superstructure up 
2.5 in. (6.4 cm) maximum at each end crossframe and 2 in. 
(5.1 cm) at the crown crossbeam so the girders would not be 
overstressed. During jacking, strict tolerances for differential 
deflection of the existing deck/girder system were established 
to prevent damage to the existing 7 .25-in.-(18.4-cm)-thick 
reinforced concrete deck. A maximum differential settlement 
of 0.125 in. (3 mm) between adjacent girders was specified. 
Survey readings were taken 12 hr, 24 hr, and 15 days after 
load transfer to monitor foundation settlement. Minor settle
ment could be corrected by jacking and shimming the girder 
bearings, whereas excessive settlement could be corrected by 
jacking and shimming the four arch bearings. Fortunately, 
foundation settlement was less than 0.25 in . (6 mm) after the 
arch was erected; there was no additional settlement after 
load transfer. 

COST 

The contractor, David A. Mowat, Bellevue , Washington, bid 
$3,900,000 for the bridge reconstruction, which was 14.7 per
cent over the engineer's estimate of $3,400,000. Included in 
this amount was $1,600,000 for the tieback retaining w<llls, 
which were constructed by Malcolm Drilling Co., Inc., San 
Francisco, California. The steel was fabricated by Universal 
Structural, Inc., Vancouver, Washington . A total of 446 tons 
(404.5 metric tons) of steel was bid at $1.46/lb ($3.22/kilo
gram). 

Existing Concrete Deck 

L End Crossfrome _j 
Girder Bearings 

54ft 116.5ml 

I I 
[ Arch f Arch 

FIGURE 11 End crossframe, jacking beams, and jacks. 
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SUMMARY 

Two steel arches replaced existing reinforced concrete piers 
of the Capitol Boulevard undercrossing so that 1-5 below could 
be widened from four to eight lanes. Variable depth elliptical 
arches with no transverse wind bracing were designed, fab
ricated, and erected over 1-5 with minimal interruption and 
hazard to highway users. 

Several alternative structure types were considered, and 
models were used to study the aesthetics of the bridge types. 
An external peer review was an important aid to compare 
cost estimates and constructibility of the alternative bridge 
types. 

Tieback walls were used for shoring during construction 
and as a final earth retaining structure. Spread footings, not 
normally associated with arch structures, were constructed 
and foundation settlement monitored continuously during 
construction. The transfer of load to the arches from the 
existing piers was accomplished by simple jacking. 

Cost of the project was $3,900,000, including $1,600,000 
for tieback wall construction. 
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Strengthening of Steel Stringer 
Bridges by Transverse and 
Longitudinal Stiffening 

TERRY J. WIPF, F. WAYNE KLAIBER, AND MARCUS J. HALL 

Adding material to existing steel stringer bridges has been com
monly used as a strengthening method. For simple-span bridges, 
addition of material can include coverplating, creating composite 
action with the deck, or increasing transverse stiffness of the exist
ing diaphragm system. For simple-span bridges, these methods 
may increase live-load ratings by as much as 30 percent, depending 
on span length. Continuous stringer bridges behave differently 
when stiffened because of the way stiffening affects the distribution 
of stress. Because continuous bridges are indeterminate in the 
transverse direction as well, selective longitudinal stiffening of 
the stringers and its effect on the whole structural system should 
be carefully evaluated. In some cases, addition of material to con
tinuous stringers may be detrimental at unstiffened locations. If 
properly designed, selective longitudinal stiffening can be bene
ficial in strengthening other locations in the bridge by changing 
th€ stress distribution throughout the bridge. Fatigue-critical details 
associated with stiffening an existing stringer should be checked, 
because of possible detrimental effects. 

According to the Federal Highway Administration, nearly 40 
percent of the approximately 600,000 bridges in the United 
States are currently classified as either geometrically or struc
turally deficient. When the general condition of a bridge is 
adequate yet structurally deficient, strengthening can often 
be used as an alternative to replacement or posting. The fea
sibility of bridge strengthening has been discussed in detail 
by Klaiber et al. (I); they grouped strengthening methods 
into four categories: (a) addition or modification of a member 
or support, (b) reduction of dead load, (c) application of 
external posttensioning, and (d) increased bridge stiffness in 
either the transverse or the longitudinal direction. Although 
the last method has been applied in the field, there has been 
no conclusive evaluation of its effectiveness as a strengthening 
method. 

Increased stiffness in the longitudinal direction is achieved 
by the addition of coverplates, or, if composite action does 
not already exist, increased stiffness can be achieved by mak
ing the beam composite with the deck in desired locations. 
Increasing the transverse stiffness of a structure involves 
increasing the stiffness of existing diaphragms or crossframes 
or adding diaphragms or crossframes. 

A previous paper by Dunker et al. (2) briefly addressed 
transverse and longitudinal stiffening as a means of strength-

T. J . Wipf and F . W. Klaiber, Bridge Engineering Center, Depart
ment of Civil and Construction Engineering, Iowa State University, 
Ames, Iowa 50011. M. J. Hall , Office of Bridges, Iowa Department 
of Transportation, Ames, Iowa 50010. 

ening both determinate and indeterminate steel bridges. Dunker 
noted that for determinate structures, one strengthening method 
is the addition of material at locations of overstress . Applying 
this idea to indeterminate structures has the effect of stiffening 
the regions where material is added; however, some of the 
beneficial stiffening effects may be reduced because the stiff
ened region may also attract additional stress. This paper 
investigated the effects of transverse and longitudinal stiff
ening on distribution of strain at both the stiffened and unstiff
ened locations in determinate and indeterminate bridges . 

ANALYTICAL MODEL 

The finite element model shown in Figure 1 used in this inves
tigation was developed on Iowa State University's version of 
ANSYS (3), a general-purpose program. Two types of ele
ments were employed . Quadrilateral shell elements were used 
to model the deck, and three-dimensional beam elements 
were used to model the beams, diaphragms, and curbs . 

To place the beam's clement at the centroid of the beam , 
a connector element between the centroid of the deck and 
the centroid of the beam was needed. A rigid link is typically 
used to attach the two elements ( 4, 5); however, the rigid 
link does not account for the transverse flexibility that exists 
in the steel beam. Because the flexibility in the beam is impor
tant in studying the effects of diaphragms on load distribution, 
an alternate connector element was needed. A three-dimen
sional beam element, similar to one employed by Dunker (6), 
was used. The element was given the torsional and flexural 
moments of inertia of one-half the beam web, thus obtaining 
the desired flexibility. To ensure that this element did not 
contribute in carrying any longitudinal bending moment , 
a moment release connection was employed at the deck. A 
view of the finite element model for the bridge is shown in 
Figure 2. 

Verification of the finite element model developed in this 
investigation was accomplished by comparing the model results 
with field test data and results from a previously developed 
finite element model (using the SAP IV program) of an exist
ing simple-span bridge (7). The bridge was a four-stringer, 
steel I-beam structure on a SO-ft span with a width of 30 ft. 
Agreement with strain and deflection data was considered 
good as shown in Figures 3 and 4. It should be noted that 
field test data indicated that partial end restraint existed on 
the bridge, thus the difference between the test data and the 
theoretical curves that assume ideal support conditions. The 
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FIGURE 1 Elemental configuration using ANSYS finite element model. 
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FIGURE 2 Finite element mesh of bridge model. 
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FIGURE 3 Summary of results at bridge midspan with centric 
truck loading. 

comparison of analytical results between the SAP IV model 
and the ANSYS model was excellent for strain data but not 
as good for deflection data, although the comparison was still 
considered good . The major reason for this difference was 
the inherent difference in the deck element types employed 
by ANSYS and SAP IV. 

TRANSVERSE STIFFNESS 

The effects of increased transverse stiffness on load distri
bution were examined by investigating a series of simply sup
ported , I-beam bridges subjected to four loading conditions. 
Bridges investigated were assembled by use of the parameters 
presented in Table 1. Loading consisted of two 20-kip con
centrated loads placed 6 ft apart. The loads were applied both 
centrically and eccentrically at midspan and quarter span. For 
eccentric loading, the external load was placed 2 ft from the 
curb. When a concentrated load acted between nodes in the 
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4 

finite element mesh, it was distributed to the nodes by use of 
an equivalent area method approach . 

An increase in transverse stiffness was obtained by varying 
the size of the diaphragms and their location . A base condition 
for each bridge was established by applying the four load cases 
to each bridge without the presence of diaphragms. Trans
verse stiffness added to each bridge was based on two different 
diaphragm sizes analogous to modifications of existing dia
phragms that can be practically achieved in the field by cover
plating existing diaphragms or by replacing existing dia
phragms with larger diaphragms. These modifications could 
realistically increase diaphragm moment of inertia,/, from 50 
percent to 150 percent of the moment of inertia, /, of the 
existing bridge stringers . The rigidity of the connection of the 
diaphragm to the stringer in the analytical model was varied 
between limits of a simple connection (nonrigid) and a fixed 
connection (rigid) . Little sensitivity in strain results was noted 
between these connection rigidity limits. The results pre
sented in this paper assume a rigid diaphragm connection. 
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TABLE 1 BRIDGE PARAMETERS INVESTIGATED IN TRANSVERSE STIFFNESS 
MODEL 

Parameters Model Values 

Bridge length (ft) 30, 60, 90 

Bridge width (ft) 30, 38 

Stringer spac i ng (ft) 6 . 5, 9.5 

Diaphragm moment of inertia 0, 50, 150 
(Percent of stringer moment of inertia) 

Diaphragm locat i on 
(Number of diaphragms equally 
spaced throughout the bridge) 

160 

140 

120 

c:: .,... 
....... 
~ 100 

~ 

z 
~ 80 
er: 
I
V') 

1 , 2 . 3 

--- NO DIAPHRAGMS 
- - CASE 1 

- - CASE 2 
- ·-CASE 3 
- · • • - CASE 4 
· · · · · · ·CASE 5 
-- -- CASE 6 

40 BRIDGE LENGTH = 30 ft 
BRIDGE WIDTH ~ 38 ft 
STRINGER SPACING = 9.5 ft 

Sf:.E TABLE 2 
DESCRIPTION OF CASES 

STRINGER NUMBER 

FIGURE 5 Maximum strains at bridge centerline with centric loading. 

Position of diaphragms considered were (a) midspan only, 
(b) third points only, and (c) quarter points. 

The distribution of strain at the midspan of each bridge was 
compared to that of other bridges of the same length, width, 
and stringer spacing. As an example, the strain distributions 
for a bridge 30 ft long, 38 ft wide , and with stringer spacing 
of 9.5 ft are shown in Figure 5 (centric loading) and Figure 
6 (eccentric loading). Shown in these figures are the strains 
at the midspan of each stringer for seven different diaphragm 
configurations. The bridge with no diaphragms was used as 
the base condition. The diaphragm sizes and locations for the 
other six cases are listed in Table 2. 

Noteworthy in these figures is the general flattening (a more 
linear change in strain across the bridge cross section) of the 
curves in Cases 1 through 6. This flattening, illustrated in both 
Figures 5 and 6, is expected with increases in transverse stiff
ness. In all bridges investigated, the maximum strain occurred 
in the exterior beam because of an eccentrically applied load 
at midspan. The reduction in strain for this critical loading 
condition for each bridge is shown in Table 3. 

In all but two cases, reductions in maximum strains were 
achieved, with the largest reduction in strain at 29.7 percent, 
which occurred in the 90-ft-long, 38-ft-wide bridge with a 
stringer spacing of 9 .5 ft. The average reduction for all bridges 
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FIGURE 6 Maximum strains at bridge centerline with eccentric schemes. 

TABLE 2 DIAPHRAGM SIZE AND LOCATION FOR BRIDGES ANALYZED IN FIGURES 
5 AND 6 

Diaphragm Size 
(Percent of Stringer Moment of 

Case 1 50% 

Case 2 50% 

Case 3 50% 

Case 4 150% 

Case 5 150% 

Case 6 150% 

was approximately 10 percent. The following general obser
vations were made: 

• Greater reduction in strain occurred in the longer span 
bridges. 

• The most effective transverse strain distribution occurred 
when diaphragms were located at the one-quarter points. The 
greatest reduction in stress occurred when a larger number 
of smaller diaphragms were spaced throughout the bridge. 
Locating diaphragms at the one-third points produced stress 
reductions approximately one-third as large as reductions pro
duced by diaphragms at the one-quarter points. 

• With all other parameters being equal, greater stress 

Diaphragm Location 
Inertia) 

Third points 

Midspan only 

Quarter points 

Third points 

Midspan only 

Quarter points 

reductions occurred in bridges with larger stringer spacing for 
all configurations of added diaphragms. 

• For longer span bridges, the greatest stress reduction occurred 
in the wider bridges. For the shorter span bridges, the stress 
reduction was similar for all bridge widths considered. 

• The greater the diaphragm stiffness, the greater the stress 
reduction. 

LONGITUDINAL STIFFNESS 

The addition of coverplates in continuous stringer bridges 
affects the transverse stiffness of the whole bridge superstruc-
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TABLE 3 STRAIN REDUCTION IN SIMPLE SPAN EXTERIOR STRINGERS AS A RESULT OF 
INCREASED TRANSVERSE STIFFENING 

Diaphragm Stringer Bridge 
Size Spacing Width 

(Percent of stringer (ft) (ft) 
moment of inertia) 

so 6.S 30 

so 9.S 30 

so 9.5 38 

lSO 6.5 30 

lSO 9.5 30 

lSO 9.5 30 

ture system, although in analysis this effect is usually neglected. 
The same is true when the stringers are made composite with 
the deck. If longitudinal stiffening of the superstructure is 
considered for strengthening an existing bridge, these modi
fications and their effect on the transverse stiffness should be 
considered. 

The variations in load distribution that resulted from stiff
ening selected longitudinal regions of a bridge were evaluated 
by analytically investigating a matrix of three-span, continu
ous, I-beam bridges. Each bridge consisted of four stringers 
spaced 8 ft on center with a total bridge width of 28 ft and 
two different configurations of span length (see Table 4). The 
six different stiffening schemes investigated are shown in Fig
ure 7. The bold lines in this figure represent the stiffened 
locations on the beams. Combinations of longitudinal stiff
ening schemes and bridge lengths were examined with the 
diaphragm's moment of inertia at 10 percent and stiffened 
longitudinal moment of inertia at 200 percent that of the 
unstiffened stringer. This increase in the stringer moment of 
inertia can be obtained in the field by (a) adding coverplates 
or (b) creating composite action between the stringer and 
deck. 

Loading of the model bridges consisted of 10-ft-wide lane 
loads of 640 lb per linear foot. The four loading conditions 

Reduction in Strain 
Bridge (%) 
Length Diaphragm Location 
(ft) 1/4 pts. 1/3 pts. mid-span 

30 3.2 1.6 0.0 
60 13.0 4.2 1. 0 
90 24.8 7.1 3.S 

30 8.4 4.0 3.2 
60 16.8 S.2 4.6 
90 25.1 S.8 S.8 

30 7.4 3.S 2.7 
60 17.2 6.S 7.0 
90 24.6 7.2 8.7 

30 4.S 4.S 0.0 
60 17.2 8.9 2. 1 
90 27. 7 12.8 4.3 

30 14.3 8.8 6.0 
60 25.4 12.1 7.S 
90 29.5 12.1 7.2 

30 14.3 9.3 5.8 
60 23.3 12.6 11. 2 
90 29.7 13. 2 11. 3 

that produced both maximum negative and maximum positive 
moments for centric and eccentric positions were investigated. 
Obviously the maximum negative moment occurred at the 
first interior support when the first two spans were loaded, 
and the maximum positive moment occurred when the two 
exterior spans were loaded. 

Base conditions were established by applying the four load
ing conditions to a bridge containing no longitudinal stiffened 
sections and having standard diaphragms at the supports and 
midspans. Modifications to this base condition were then made 
by increasing the longitudinal stiffness as noted earlier . 

Noting that strain reduction will obviously occur at the 
location where material is added, we concentrated the inves
tigation on evaluating the reduction in the maximum strain 
at secondary locations in continuous-span bridges when the 
tiffne s wa increased at a primary location. The econdary 

location f the bridge was defined as an y location in the bridge 
where tiffening was not applied. The e regions will be affected 
by increased stiffness at other locations because of the inde
terminacy of the whole bridge system. For example, when all 
positive moment regions in a bridge were stiffened, the focus 
of the investigation was on the reduction in strain in the neg
ative moment regions. For such an example, the critical load
ing condition occurred when the bridge was loaded to cause 
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TABLE 4 STRAIN REDUCTION FOR THREE-SPAN CONTINUOUS STRINGERS AS A RESULT OF 
INCREASED LONGITUDINAL STIFFENING 

Strain Reduction at Pier 
Loaded for Max. Neg. Mom. 

(lo) 

Strain Reduction in Span 1 
Loaded for Max. Pos. Mom. 

(lo) 

Scheme Span Centric Eccentric Centric Eccentric 
No. Lengths Loading Loading Loading Loading 

(ft) 

1 40-50-40 20.6 21. 3 1. 5 2.81 
70-100-70 36.1 34.9 1. 3 3.81 

2 40-50-40 4.5 6.5 - 2.9 i.ol 

70-100-70 5.7 6.9 2 .11 6.11 

3 40-50-40 1.4 16.0 0.7 0.61 
70-100-70 4.8 26.3 1. 2 0.7 

4 40-50-40 1. 6 3.7 4 . 3 -5.51 
70-100-70 4.6 2.2 10.2 -3.61 

5 40-50-40 2.5 3.3 -4.2 -0.6 
70-100-70 2.2 2.6 0.41 4.51 

6 40-50-40 1.8 3.0 1.0 1.4 
70-100-70 3.4 4.1 1. 1 1. 3 

1 
Maximum strain changed location from base condition. 

Note: Stiffened section I 200 percent of stringer I. , diaphragm I 10 percent 

of stringer I for all cases shown. 

maximum negative moment. Schemes 1 and 3 were developed 
with the primary intention of strengthening the negative moment 
region. Schemes 2, 4, 5, and 6 were developed to strengthen 
positive moment regions. All six schemes were analyzed so 
that the effects of stiffening could be observed in both the 
primary and secondary regions. 

The reductions in maximum strain from the base condition 
for the six stiffening schemes are illustrated in Table 4. As 
expected, large reductions in strain appeared in the stiffened 
regions, and smaller reductions appeared in the unstiffened 
regions. The most favorable reduction in strain noted at a 
secondary location was 4.5 percent. For the primary or stiff
ened regions, reductions of approximately 20 percent were 
noted. Several unexpected effects were observed from these 
data. As shown for Scheme 5, when the longer bridges were 
loaded centrically and eccentrically to cause maximum posi
tive moment, the location of maximum strain in the bridge 
occurred at a different position than in the base condition. In 
addition, when the shorter bridge was loaded both centrically 
and eccentrically to cause maximum positive moment, the 
point of maximum strain changed and increased in magnitude 
from that found in the base condition. Because of this unde-

sirable behavior, refinement in the method's application was 
considered. 

A number of additional load cases were therefore consid
ered by modifying the length of the stiffened region in the 
stringer as well as changing both the longitudinal stiffness of 
the stringer and transverse stiffness of the bridge. 

Positive Moment Region 

Scheme 2 was reanalyzed with the stiffened section of the 
positive moment region extended to cover o/10 of the span 
length. Two cases were considered: (a) moment of inertia of 
longitudinal section at 200 percent of the stringer and 
(b) moment of inertia of the longitudinal section at 300 per
cent of the stringer. The results of strain reduction in the 
negative moment region are shown in Table 5. As shown, the 
strain reductions are not significantly different; however, they 
did show improvement when compared with the earlier con
dition illustrated in Table 4. The most favorable condition is 
shown in Table 5 where the strain reduction from base con
dition was approximately 10 percent. It should be noted that 
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a. SCHEME 1 

[ 
c. SCHEME 3 

e. SCHEME 5 

FIGURE 7 Longitudinal stiffening schemes. 

the strain reduction in the positive region improved only slightly 
when the region of coverplating was extended to cover 8/10 of 
the span. 

Negative Moment Region 

Scheme 1 was further evaluated by considering increases in 
moment of inertia of 150 percent and 300 percent of the 
existing stringer moment of inertia. The results of these cases 
are also shown in Table 5. The maximum reduction in strain 
was 2.3 percent for the case of a 300 percent increase in 
longitudinal inertia; results did not differ significantly from 
those in Table 4. 

Combined Transverse and Longitudinal Stiffening 

A brief study employing simultaneous transverse and longi
tudinal stiffening was performed on the three-span, contin
uous bridge used in this study. In each case, the diaphragm's 
moment of inertia was increased to 100 percent that of the 
stringer. 

Table 5 also illustrates results with only the transverse stiff
ness increased. As shown, when the long bridge was centri
cally loaded to produce maximum positive moment, an increase 
in the maximum strain was observed. This can be attributed 
to the additional moment drawn by the large stiffness at mid
span. To compensate for this increase in moment, we added 
additional longitudinal stiffness by application of two of the 
earlier stiffening schemes. 

The first combination utilized Scheme 3 (with the existing 
stringer moment of inertia increased 200 percent) and was 
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loaded to cause maximum positive moment. The results, shown 
in Table 5, closely resemble the results shown inTable 4 for 
an increase in transverse stiffness only. 

The second combination utilized Scheme 4 (with the exist
ing stringer moment of inertia increased 200 percent) and was 
loaded to cause maximum negative moment. Results shown 
in Table 5 reveal that strain reduction greater than 10 percent 
can be obtained with centric loading. However, eccentric loading 
produced less favorable results. 

Fatigue and Strength 

Selectively stiffening existing stringers transversely or longi
tudinally may have an effect on existing live load stress ranges 
at critical locations. The corresponding effects on fatigue stresses 
therefore need to be checked when considering strengthening 
by these methods. 

Transverse stiffening will not increase the flexural strength 
of a bridge, although it does improve its rating capacity, and 
may not be desirable if flexural strength is critical. Longitu
dinal stiffening will increase the flexural strength of an exist
ing stringer if regions of strengthening are at plastic hinge 
locations. 

SUMMARY AND CONCLUSIONS 

The usual strategy of adding material at overstressed locations 
in determinate bridges is an obvious solution for increasing 
the rating of a bridge. Applying this procedure to indeter
minate structures may have a detrimental effect, however. 
For the bridges investigated, a practical amount of transverse 
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TABLE 5 STRAIN REDUCTION FOR THREE-SPAN CONTINUOUS STRINGERS MODIFIED FROM CONDITIONS IN TABLE 4 

Longitudinal 
Stiffening 

Scheme 
No. 

2 

2 

1 

Modification of Modification of 
Stiffened Section Diaphragm 
(% of Stringer I) (% of Stringer I) 

200 10 

300 10 

150 10 

300 10 

100 10 

200 100 

200 100 

Strain Reduction at Pier 
Loaded for ~aximum 
Negative Moment (%) 

Span 
Lengths 
(ft) 

40-50-40 
70-100-70 

40-50-40 
70-100-70 

40-50-40 
70-100-70 

40-50-40 
70-100-70 

40-50-40 
70-100-70 

40-50-40 
70-100-70 

40-50-40 
70-100-70 

Centric 
Loading 

4.3 
5.7 

7.4 
9.8 

7.3 
5.4 

11.1 
12.7 

Eccentric 
Loading 

6.7 
7. 7 

11. 1 
12 . 7 

0.2 
2.4 

2.3 
3.5 

Strain Reduction in 
Span 1 Loaded for 
Maximum Positive 

Moment (%) 

Centric 
Loading 

0.9 
0.7 

2.6 
2.3 

9.3 
-2.5 

10.4 
-4. 2 1 

Eccentric 
Loading 

1. 6 
2.1 

4.11 
5.71 

1. 51 
6.41 

1. 21 
7 . 5 

lMaximum strain changed location from base condition. 

2combined transverse and longitudinal stiffening case. 

stiffening added to existing bridges can decrease the maximum 
strains by as much as 30 percent on longer span bridges. 
Adding longitudinal stiffness to indeterminate structures can 
decrease maximum strain by 8 to 10 percent. Combining trans
verse and longitudinal stiffening on continuous stringer bridges 
did not have a significant beneficial effect on strain reduction 
when compared to longitudinal stiffening only. 
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Behavior of Composite Steel Bridge 
Beams Subjected to Various 
Posttensioning Schemes 

WILLIAM E. WILEY, F. WAYNE KLAIBER, AND KENNETH F. DUNKER 

An initial investigation phase of research on strengthening contin
uous composite bridges by posttensioning has been completed; 
results are summarized. The effects of various posttensioning 
schemes were investigated on a one-third-scale continuous three
span composite bridge model. Although various tests performed 
on the bridge model verified that positive and negative moment 
regions of continuous composite bridges could be strengthened by 
posttensioning, the model size prevented the testing of different 
tendon profile shapes and the necessary hardware. Thus, the pri
mary objective of this research was to investigate the effectiveness 
of various posttensioning schemes applicable to the negative moment 
regions of continuous composite bridges through the testing of a 
full-scale laboratory model. The model was subjected to four dif
ferent posttensioning tendon configurations with and without the 
use of strengthening angles. Data from the various tests were com
pared to the unstrengthened model to determine the more effective 
posttensioning arrangement. Data from the various tests were also 
used to determine the extent of composite action remaining after 
the concrete deck cracked. 

Many bridges across the United States have deteriorated so 
that they are inadequate for original design loads or have 
been rendered inadequate because of changes in standards of 
design and maintenance. Approximately half of the bridges 
in the United States were built before 1940. Many of these 
bridges were designed for lower traffic volumes, smaller vehi
cles, slower speeds, and lighter loads than they now experi
ence. Frequently, maintenance of these aging bridges has also 
been inadequate. The FHW A classifies nearly 40 percent of 
the bridges in the nation as deficient and in need of repair or 
replacement. Many of these bridges are deficient because 
their load-carrying capacity is inadequate for today's traffic. 
Strengthening of deficient bridges is in most instances more 
economical than posting them for reduced loads or completely 
replacing them. 

Improving the live-load capacity of different bridge types 
has been accomplished by several methods. Research at Iowa 
State University (ISU) began with strengthening simple-span 
composite steel-beam and concrete-deck bridges. Postten
sioning was shown to be a viable means of improving the live
load capacity of these bridges (1). Research progressed from 
laboratory study through field testing (2 ,3) and concluded 
with a design manual ( 4). Because strengthening of simple
span composite bridges by posttensioning had been successful, 
extension of the method to continuous composite bridges 

Department of Civil and Construction Engineering, Bridge Engi
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appeared promising. Further research at ISU investigated this 
possibility (5 ,6). 

To determine how posttensioning could be used to strengthen 
a continuous composite bridge, Daoud (7) investigated the 
effects of various posttensioning schemes on a one-third-scale 
continuous three-span composite bridge model. Provisions 
were made to posttension both positive and negative moment 
regions of the bridge model. Because the bridge model was 
one-third scale, it was not possible to apply posttensioning to 
the model in the same manner that it would be applied to a 
real bridge. In the positive moment regions of the model 
bridge, the posttensioning tendons were located below the 
bottom flanges of the beams. On an actual bridge, in the 
positive moment regions tendons would be located a few inches 
above the bottom flange. In the negative moment regions of 
the bridge model, the posttensioning tendons were located 
above the concrete deck, whereas on an actual bridge, neg
ative tendons would be located a few inches below the bottom 
of the deck in the negative moment regions. Placement of the 
tendons on the bridge model was acceptable for determination 
of posttensioning distribution effects even though the tendons 
would be placed differently on an actual bridge. 

OBJECTIVES 

Although various tests performed on the bridge model veri
fied that negative moment region posttensioning could be 
used to strengthen a continuous composite bridge, it was 
impossible to test the effects of different tendon profile shapes 
or positions and the necessary hardware. Thus, the primary 
objective of this research was to investigate posttensioning 
schemes applicable to the negative moment regions of con
tinuous composite bridges through testing of a full-scale lab
oratory model. The secondary objectives were to investigate 

• The extent of composite action in the negative moment 
region; 

• The seating losses when the tendons are tensioned; 
• Changes in tendon force with applied load; and 
• The effects of adding strengthening angles near the bot

tom flange. 

LITERATURE REVIEW 

Klaiber et al. (8) cited over 375 articles on various techniques 
for strengthening and repairing various types of bridges. Their 
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report included 33 examples of how posttensioning could be 
applied to single- and multiple-span bridges of steel, concrete , 
and composite construction. The report discussed several effects 
that should be considered before a bridge is strengthened by 
posttensioning as well as the resulting advantages. A careful 
analysis should be made to ensure that posttensioning forces 
and moments do not introduce unwanted effects. These 
unwanted effects include concrete cracking, additional or new 
overs tresses at critical locations, localized buckling of the flanges 
or web, longitudinal and transverse distribution effects, or a 
significant reduction in the overall factor of safety for the 
bridge. Only a brief literature review has been included in 
this paper. Readers who are interested in a more detailed 
review of the literature are referred to papers by Wiley (6) 
and Klaiber et al. (8) . 

In 1964, Tachibana et al. (9) conducted an experimental 
investigation by strengthening two-span composite beam models 
representative of a double girder bridge. One of the beams 
was prestressed before the concrete deck was cast, and the 
second beam was prestressed after the deck had been cast 
and cured. The magnitude of load producing a plastic hinge 
at the support was slightly higher for the first beam than for 
the second. 

Strengthening and rehabilitation completed in 1979 on the 
Pit River Bridge and Overhead on I-5 in Shasta County, Cal
ifornia (10,11), made use of prestressing tendons and 
compression bars. The 24-in .-deep wide-flange stringers were 
strengthened in negative moment regions by placing straight 
prestressing tendons near the top flanges of the beams and 
compression bars on top of the bottom flanges. 

In 1981, Grace (12) investigated the transverse and longi
tudinal distribution of deflection and moment in two scale
model bridges. One of the model bridges was allowed to crack 
over the center support, while a portion of the second model's 
concrete deck at the center support was prestressed . Results 
of this investigation indicated that prestressing could be used 
to control cracking of the concrete deck at the center support. 

Alternative designs for new bridge structures have made 
efficient use of prestressed steel and prestressed composite 
concrete and steel members . In 1982, this type of construction 
was used on the Bonners Ferry Bridge in Idaho (13). The 10-
span, continuous, cable-stressed composite concrete and steel 
structure was presented as an alternative to prestressed con
crete design. As a result, considerable savings were realized 
in construction costs by reducing the weight of materials in 
the entire structure. In the Bonners Ferry Bridge, prestressing 
was used in both positive and negative moment regions on 
the plate girder beams. In addition to longitudinal prestress
ing, the bridge's concrete deck was prestressed transversely 
along the bridge's entire length. 

In 1985, Preston (14) gave three examples of prestressing 
techniques that have been used in New Zealand to strengthen 
reinforced concrete bridge superstructures. These examples 
included prestressing a simple span with cables deflected at 
midspan, prestressing a continuous bridge with straight cables 
located as close as practical to the neutral axis of the section, 
and prestressing a continuous bridge with deflected cables. 

In 1986, Troitsky et al. (15) compared the effects of six 
different cable configurations by testing a 1/20-scale plexiglas 
model of a two-span plate girder bridge with an orthotropic 
steel deck. Experimental results were compared to an ana-
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lytical study. Of the cable configurations used, the authors 
indicated that where negative dead-load moment governs the 
design, the harped cable configuration exhibited relatively 
optimal results. 

In 1988, at the University of Maryland, Ayyub (16) dis
cussed the results of tests on full-scale, prestressed composite 
T-beams subjected to negative moment. The authors indi
cated that posttensioning beams in this manner significantly 
increased both the yield and ultimate load capacity of the 
beam. The posttensioning also placed the concrete slab in 
compression, which delayed cracking, reduced tensile stresses 
in the concrete under service loads, and reduced deflections . 

LABORATORY MODEL AND 
INSTRUMENTATION 

Proper modeling of posttensioned negative moment regions 
(i.e., the portion of a bridge between inflection points adja
cent to an interior pier when the bridge is under uniform load) 
of a continuous composite bridge required construction of a 
full-scale model of that portion of a bridge, hereafter referred 
to as the mockup. The mockup simulated the negative moment 
region of an interior stringer of a 150-ft, three-span Iowa 
Department of Transportation (DOT) VIZ-series bridge. 
General dimensions of the mockup and the loading mecha
nism are shown in Figures 1 and 2. Overall length of the 
mockup was limited by laboratory space; the concrete deck 
width, 6 ft 3 in., was determined by using the AASHTO 
effective flange width requirements for an interior stringer of 
a prototype bridge (17). 

The rolled steel beam in the mockup was a W 24 x 76, 
identical to that used for interior stringers in the 150-ft Iowa 
DOT V12-series bridges . Although coverplates on a 150-ft 
Vl2 bridge extend 9.5 ft on each side of a pier support cen
terline, the coverplates on the mockup were restricted to a 
shorter length because of posttensioning jack clearances. Cov
erplate thickness and width were chosen to match the depth 
and moment of inertia of an interior beam in the prototype 
bridge. Angle-plus-bar shear connectors similar to those on 
the prototype bridge were used for shear connection. 

The deck thickness, 6.5 in., shown in Figure lb, duplicated 
that of Vl2 bridge decks. Holes (3 in. in diameter) shown in 
Figure la were provided in the deck of the mockup to allow 
passage of the hold-down and loading mechanisms. Two 
blackouts were provided in the concrete deck for passage of 
the above-deck harped cables through the deck and for sim
plified attachment of the above-deck straight tendon anchor
ages. Reinforcing provided in the concrete deck, both in size 
and spacing, was duplicated from the Vl2 bridge series. 

The load mechanism produced a negative moment in the 
mockup similar to that at an interior support within a real 
bridge. Strain gauges were mounted on the top and bottom 
flanges and coverplates at several sections along the steel 
beam. Two of the instrumented sections, Sections 4 and 5, 
are shown in Figure 2. Vertical deflections were measured at 
the load point and at the cantilevered end of the beam at 
Points A and B respectively . Strengthening angles similar to 
those used by the Iowa DOT to modify section properties 
and reduce live-load stresses were instrumented and bolted 
to the beam web just above the bottom flange in eight of the 
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tests. Posttensioning tendons, both the threadbars and the 
cables, were instrumented so that tendon forces could be 
accurately measured. 

Straight tendons used were 1.25-in.-diameter Grade 150 
Dywidag threadbars, whereas cables used were 7/16-in.-diam
eter Grade 270 seven-wire stress-relieved prestressing strand. 
Because all testing was in the assumed elastic range of both 
the threadbars and the pres tressing strand, and because all 
tendons were instrumented and calibrated, the actual strength 
properties of the tendons were not determined. The com
pressive strength of the concrete, f~, was 6,700 psi; the mod
ulus of rupture, f;, was 477 psi . 

The compressive strength of the concrete used in the mockup 
was considerably higher than that found in a prototype bridge, 
which has a normal design value of about 3,000 psi. However, 
the testing program employed involved elastic tests rather 
than ultimate strength tests, and thus this higher strength was 
not of great concern. The higher strength, however, would 
have some effect on the cracking of the concrete and thus on 
the degree of apparent composite action. 

TESTS PERFORMED 

A summary of the various tests performed on the mockup is 
provided in Table 1. Note that test numbers do not necessarily 
indicate order of completion. A target tendon force of 100 
kips was applied to the mockup for the tests involving post
tensioning (Tests 4 through 13). 

Three tests (Tests 1, 2, and 3 in Table 1) were performed 
on the mockup without posttensioning applied. The initial 
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cracking test, Test 1, was performed to (a) determine initial 
behavior of the beam as a result of cracking of the concrete 
and (b) approximate field conditions on an actual bridge. 
Because the posttensioning techniques investigated were 
intended as rehabilitation measures, they would be applied 
to a bridge that has been in service for many years. As a result 
of the age of the bridge and concrete shrinkage and weath
ering, the concrete deck would likely be cracked in regions 
of negative moment. 

After the cracking test, Test 2 was performed to determine 
the basic strength, degree of apparent composite action within 
the negative moment region, and behavior of the beam. 
Behavior observed in subsequent tests was compared to the 
results of this test. The third test, Test 3, determined the 
effectiveness of the strengthening angles that were used to 
modify section properties. Three load cycles were applied to 
the beam in an effort to "seat" the angles on the beam. Even 
though the bolts securing the angles were tightened by the 
turn-of-the-nut method, some slip between the beam web and 
the angles occurred. This method of seating the angles was 
intended to give a better indication of their effectiveness after 
repeated loading. 

The next 10 tests (Tests 4 through 13) explored schemes 
applicable to posttensioning the negative moment region of 
continuous composite bridges. Straight and harped tendon 
profiles were tried above and below the concrete deck (see 
Figure 3). In addition, each of the four tendon configurations 
were tried with and without the strengthening angles. Tests 
5 and 7 were performed to determine if posttensioning in the 
presence of a partial load had any effect on performance of 
the system. Because no adverse or unusual effects were noted, 

TABLE 1 SUMMARY OF TESTS PERFORMED 

Test 
No. 

2 

3 

4 

5 

6 

7 

8 

9 

10 

11 

12 

13 

14 

15 

16 

Tendon 
Profile 1 

2 

2 

3 

3 

4 

4 

lsee Fig. 3 for tendon profiles. 
2y =yes; N =no. 

Angles 2 Used? 

N 

N 
y 

N 

N 

y 

y 

N 
y 

N 

y 

N 
y 

y 

y 

y 

Corrrnents 

Initial cracking of concrete 
Basic beam data 
Basic beam plus angles 

Partial load3 
Partial load 

Additional angle bolts 
Angles spliced together 
Angles shirrrned 

3Partial vertical load applied before tendons tensioned. 
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similar tests with the other tendon configurations were not 
performed. For each tendon configuration, the tendons were 
tensioned and seated, one or two cycles of vertical load were 
applied to the mockup, and the tendon force was released. 

a few inches below the underside of the concrete deck, below 
the neutral axis of the completely composite mockup but above 
the neutral axis of the steel beam. 

Of the tendon configurations shown, the straight tendon 
below the deck (Tests 4 through 7; see Figure 3a) was the 
simplest because it required the fewest pieces of hardware 
and the least amount of effort to install. This tendon arrange
ment consisted of a pair of straight threadbar tendons mounted 

The arrangement of harped cable tendons below the deck 
(Tests 8 and 9; see Figure 3b) was almost as complex as the 
arrangement of harped tendons above the deck (see Figure 
3d). Harping the tendons in this manner produced beneficial 
vertical shears that added to the effect of the eccentric force. 
This configuration required the addition of harp brackets and 
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the use of three cables on each side of the beam web. The 
anchorage and the harp brackets were bolted in pairs to the 
web of the steel beam (one on each side). Tensioning the 
cables was a three-stage process because the cables were ten
sioned in pairs to simulate probable field procedures. 

A single threadbar tendon was used above the concrete 
deck (Tests 10 and 11; see Figure 3c). Because the threadbar 
and anchorage brackets protruded above the level of the con
crete, this posttensioning configuration was deemed imprac
tical for a field application. However, placing the tendon above 
the concrete deck put it well above the neutral axis of the 
completely composite beam and yielded a useful comparison 
to the work by Daoud (7). If the brackets and tendons could 
be embedded in the concrete deck, this configuration could 
be used in the field. 

Placing the harped cable tendons above the deck (Tests 12 
and 13; see Figure 3d), was the most complex tendon con
figuration attempted. A pair of anchorage brackets was bolted 
to the beam web below the deck and the harp brackets were 
bolted to the top flange inside the deck blockouts. Although 
the cables were above the deck for this configuration, in an 
actual bridge, embedding the harps and cables in the deck 
would be easier than embedding a threadbar and anchorages. 
Harping the cables above the deck produced larger vertical 
shear and placed the axial force above the neutral axis of the 
composite beam. Again, because three cables were used on 
each side of the web, tensioning was a three-stage process . 

Several schemes to reduce the observed shear lag problems 
in the strengthening angles, as a result of the angles' discon
tinuity around the bearing stiffener at the center support, were 
investigated. For Test 14, extra bolts were installed near the 
bearing stiffener. For Test 15, a splice was added around the 
bearing stiffener. For Test 16, shims were wedged into the 
space between the ends of the strengthening angles and the 
bearing stiffener . 

ANALYTICAL MODELS AND CALCULATIONS 

The Iowa DOT V12-series bridges and the mockup were con
structed by using shear connectors to provide composite action 
between the steel beam and the concrete deck. However, the 
bridges and thus the mockup were designed on the assumption 
that only the steel beam would carry load in the negative 
moment regions. This assumption implies that although the 
bridges and the mockup were built compositely , composite 
action was neglected in the negative moment region. 

To determine the extent of composite action remaining 
after the deck had cracked, experimental data were compared 
to analytical results from two theoretical models. The non
composite model assumed that only the W 24 x 76 beam and 
coverplates resisted the applied posttensioning forces and ver
tical load. In the completely composite model, the reinforced 
concrete and the steel beam were assumed to act together. 
Section properties of the completely composite model were 
based on uncracked concrete transformed into an equivalent 
area of steel. 

In the manual calculations, it was assumed that a linear 
distribution of strain existed at each cross section, that super
position was valid, and that secondary posttensioning effects 
were negligible. Finite element modeling was also used. The 
simple beam, finite element model was a line of beam ele-
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ments. The composite finite element model used beam ele
ments for the steel beam , plate elements for the concrete 
deck, and rigid links for the shear connectors . 

DATA INTERPRETATION 

As previously noted, vertical load during the first test cracked 
the concrete deck of the mockup to simulate field conditions 
in a real bridge. Three cycles of vertical load, each with a 
larger peak load, produced several transverse cracks in the 
deck of the mockup and a permanent 0.28 in. deflection at 
the load point. Test 2 established the strain and deflection 
characteristics of the unstrengthened mockup after the deck 
had cracked. The effects of adding the strengthening angles 
were determined in Test 3. 

Figure 4 presents the strain profiles at Section 4. Top and 
bottom coverplate experimental strains are plotted and con
nected by a straight line for those tests conducted without the 
presence of the strengthening angles. The straight line con
necting the top and bottom flange strains was intended only 
to help differentiate between the results from each test , and 
was not intended to indicate the strain distribution. Strains 
measured in all the tests were bracketed by the strains pre
dicted by the analytical models, which indicated that partial 
composite action still existed within the mockup after the deck 
cracked. 

Strain profiles at Section 4 resulting from posttensioning 
are shown in Figure 4a. All four of the tendon profiles pro
duced beneficial compressive strain in the top flange; how
ever, only the above-deck schemes (Tendon Profiles 3 and 4) 
produced beneficial tension in the bottom flange. 

Figure 4b shows strain profiles at Section 4 after vertical 
load was applied to the mockup . Test 2, the unstrengthened 
mockup, was the basic condition to which results of the other 
tests were compared. All of the posttensioning tendon con
figurations reduced the top flange tensile strains. Postten
sioning below the deck slightly increased bottom flange com
pressive strains, whereas posttensioning above the deck reduced 
them. 

Shown in Figures 5 and 6 are load-deflection curves for the 
tests without the strengthening angles. Theoretical load
deflection curves for both of the unstrengthened analytical 
models are also shown on each plot . The results from Test 2, 
shown in Figure 5, lie approximately midway between the two 
theoretical curves, again indicating partial composite action 
within the mockup after the deck had cracked . Each of the 
posttensioning tendon schemes produced an uplift of the can
tilevered end of the mockup while it was being tensioned and 
before vertical load was applied. The above-deck tendon 
schemes produced larger uplifts than the below- deck schemes 
because of the larger tendon-to-mockup centroid eccentrici
ties. Because the curves for the posttensioned tests are essen
tially parallel to the Test 2 curve, it can be concluded the 
posttensioning did not significantly change the stiffness of the 
mockup. Load-deflection curves for the tests with the 
strengthening angles in use (although not included in this 
paper) had steeper slopes than the corresponding tests without 
the angles. Thus, as one would expect, addition of the 
strengthening angles did stiffen the mockup. 

After the beam was posttensioned, any change in deflection 
of the beam caused a change in the tendon force. Figure 7 
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illustrates the variation in posttensioning tendon force with 
applied vertical load for the tests without the strengthening 
angles in use. Because of difficulties encountered with the 
cable anchoring chucks, the total force in the cable tendons 
was about 90 percent of the force in the thread bars below the 
deck. As shown in Figure 7, for all tendon configurations, 
tendon force increased as vertical load was applied. Tendon 
force increased more rapidly for the straight threadbars (Ten
don Profiles 1 and 3) than for the harped cables (Tendon 
Profiles 2 and 4) and the tendon force increased more rapidly 
when the tendons were above the deck (Tendon Profiles 3 
and 4) than when below (Tendon Profiles 1 and 2) . The pres
ence of the strengthening angles also caused the tendon force 
to increase more rapidly. Seating losses, the difference between 
maximum tendon force and tendon force after the tensioning 
jacks had been released, was less than 5 percent for the thread
bars but ranged from 10 percent to 18 percent for the cable 
tendons. The high seating losses were primarily due to the 
short length of the cable tendons. 

Addition of the strengthening angles shifted the neutral axis 
of the mockup downward and increased the moment of iner
tia. This resulted in a decrease in the bottom flange strains 
and essentially no change in the top flange strains. Because 
of the increase in the moment of inertia, total deflections were 
also slightly reduced. For those tests with posttensioning, the 
strengthening angles enhanced the effects of the posttension
ing. Because the angles were not continuous over the center 
support and the flanges of the angles did not bear against the 
bearing stiffener, shear lag effects were evident at Section 4 
near the center support. Tests 14, 15, and 16 indicated that 
restoring continuity around the bearing stiffener increased the 
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effectiveness of the angles near the center support, where 
they were most needed. 

As previously noted in an actual bridge, the concrete deck 
in the negative moment region over an interior support cracks 
because of traffic, weathering, and other time effects. When 
the deck cracks, the concrete becomes discontinuous, and the 
steel beam and deck no longer act in a completely composite 
sense. However, tension stress in the concrete transfers to the 
reinforcing bars, and some composite action theoretically still 
exists . Testing the mockup provided an opportunity to deter
mine the degree of apparent composite action that remains 
when the concrete deck cracks. The apparent composite action 
was determined by comparing experimental strains and 
deflections to data from the simple steel and completely com
posite analytical models. 

Table 2 summarizes the low, high, and average values of 
apparent composite action calculated from both strain and 
deflections for different groups of tests. Each group includes 
data common to one measurement-strain at a particular 
section or deflection at a particular point-and one analysis 
method-manual calculations or finite element analysis. 
Although a large amount of experimental scatter was evident 
from the range of high and low values for each group, the 
average values for all the groups fell within the range of 50 
to 70 percent. 

Both the manual and finite element analytical methods gave 
comparable predictions of strains and deflections. The finite 
element method has the advantage of more quickly modeling 
and analyzing different geometries and load cases. Neither 
the simple steel beam nor the completely composite analytical 
model was accurate at predicting strains or deflections, but 

TABLE 2 RANGE AND AVERAGE PERCENT OF APPARENT COMPOSITE ACTION 

% Apparent 
Composite Action 

Data Analysis Low Hi gh Average Tes t 2 
Group Utilized Method Value Value Value Value Tests Included 

Strains at Sec . 4a CTMb 39 81 58 62 2, 3, 4, 5' 6, 7. 
8, 9, 10, 11, 12 

2 Strai ns at Sec. 4 CTM 61 81 68 62 2, 4, 8, 10, 12 

3 Stra i ns at Sec. 4 FEMC 63 81 69 63 2, 4, 8 , 10, 12 

4 Strains at Sec. 5 CTM 40 90 65 54 2, 3, 4, 5, 6, 7, 
8, 9, 12. 13 

5 Strains at Sec. 5 CTM 40 58 51 54 2, 4, 8, 12 

6 Strains at Sec. 5 FEM 49 53 51 53 2, 4, 8, 12 

7 Deflecti ons at Pt. A CTM 35 48 42 48 2, 3 

8 Defl ec tion s at Pt . A FEM 35 79 60 68 2, 4, 10 

9 Deflections at Pt . B FEM 58 88 69 8, 10. 12 

aSee Figure 2 fo r location of sections and deflection points . 
bClassical theory method. 
cFinite element method. 
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they did provide definite boundaries for both strain and 
deflection. 

SUMMARY AND CONCLUSIONS 

This paper discusses the results of an experimental investi
gation to determine the feasibility and effectiveness of post
tensioning the negative moment region of continuous com
posite bridges. A full-scale model of an interior stringer within 
a bridge was constructed. The model was load tested and four 
different posttensioning tendon configurations were investi
gated with and without the use of strengthening angles. Data 
from the tests with posttensioning were compared to results 
from a test on the unstrengthened model. Experimental data 
were compared to analytical calculations to determine the 
extent of composite action that remained after the concrete 
deck had cracked . 

The following conclusions were drawn: 

• Posttensioning, with either harped cable or straight 
threadbar tendon arrangements, can be used to strengthen 
negative moment regions. 

• Even though force in the harped cable tendons was about 
90 percent of that in the threadbars, the cables produced about 
the same changes in strains and deflections in the composite 
beam. Thus, the vertical shears created when the cables were 
harped compensated for the lower cable force. 

• The threadbar tendons were simpler and easier to install 
than the harped cable tendons. 

• Tendon force increased when vertical load (simulated live 
load) was applied for all the posttensioning tendon configu
rations. Rate of increase was dependent on tendon level, 
tendon profile, and the presence of the strengthening angles. 

• Strengthening angles can be used along with postten
sioning to reduce strain in the compression flange. The angles 
are subject to shear Jag and should be well developed at critical 
stress locations. When fully developed and used with post
tensioning, they enhance the posttensioning effects. 

• The mockup displayed from 50 to 70 percent apparent
composite action in negative moment bending. 
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Test of Continuous Prestressed 
Concrete Girders Without End Blocks 

GIRISH HIREMATH, RAFIK ITANI, AND UMESH VASISHTH 

This study investigates the feasibility of eliminating end blocks 
from pretensioned continuous bridge girders. The removal of end 
blocks is estimated to reduce girder cost by 5 to 10 percent. The 
girders studied are the Washington State Department of Trans
portation (WSDOT) Series 14 type, which are characterized by 5-
in.-thick webs. Previous research has recommended the elimina
tion of end blocks for simple span bridges. A controlled laboratory 
test on two 20-ft-long Series 14 girders is performed. The girders 
are without end blocks and continuous throughout the deck. Their 
joint details are similar to those normally used in the field. At the 
continuous end, strains induced in the stirrups are monitored dur
ing the detensioning process and during various stages of loading. 
The load is applied at a distance of 13 ft 10 in. from the continuous 
end. The limiting load at which the flexural steel yielded is 408 
kips. The maximum applied load is 480 kips, which is 54 percent 
higher than the ultimate design shear of 325 kips. At ultimate 
design shear, the deflection of the free end is 1.2 in. Even though 
the nominal strength of the concrete in the diaphragm is less than 
that of the girder, the cracks have been restricted to the girders. 
The maximum 28-day compressive strength of the concrete in the 
diaphragm is 4,000 psi, as compared to the 9,880 psi of the girders. 
It is concluded that the modified girders perform effectively under 
applied loads and hence warrant the removal of end blocks. 

The structural efficiency and cost effectiveness of prestressed 
concrete has made its use advantageous in long span bridges. 
For bridges with unusual layouts and long spans, the post
tensioning method of prestressing has been widely adopted. 
Otherwise, precast and pretensioned concrete girders have 
been used for spans between 40 and 140 ft . 

For many years bridge girders have contained enlarged webs 
at their ends over the transitional lengths. These enlargements 
are known as end blocks. End blocks are thought to be nec
essary for the distribution of prestressing force. Their con
struction requires special formwork, which contributes as much 
as 5 to 10 percent to the total cost. Therefore, end blocks are 
both uneconomical and undesirable and, if possible, should 
be omitted from pretensioned girders . 

End blocks have been used because of concern over the 
bursting stresses in the end regions. However , since the pre
stressing force is transferred through the bond between the 
concrete and the strands, end blocks may not be required for 
pretensioned girders. In fact, researchers have concluded that 
satisfactory performance can be obtained if adequate stirrup 
reinforcement is provided (1 - 3) . The state of Washington 
has, however, retained end blocks as a measure of safety. 

G. Hiremath and Rafik Itani, Department of Civil and Environmental 
Engineering , Washington State University, Pullman , Wash . 99164-
2910. U . Vasishth , Washington State Department of Transportation , 
Olympia , Wash. 98504. Current address: 1858 Lakemoor Place 
Olympia, Wash. 98502. ' 

The reason for retaining them is that the Washington series 
of girders have a higher-depth-to-web thickness ratio than the 
comparable AASHTO girders or those used in previous 
research . 

Precast, pretensioned girders are often used in combination 
with a cast-in-place (CIP) deck. The CIP deck is an efficient 
structural system because it produces continuity for resisting 
live loads. The elimination of end blocks would reduce the 
area of cross section available for shear transfer at the con
tinuous support. 

This article describes an experimental study in which a con
tinuous CIP deck and Washington State Department of Trans
portation (WSDOT) Series 14 girders without end blocks were 
subjected to ultimate shear and bending moment. The per
formance of the end regions of the girders at the continuous 
joint was monitored for crack propagation and stresses. 

EXPERIMENTAL SETUP 

WSDOT Series 14 girders are used for spans of 120 to 140 
ft. These girders are characterized by their 73.5-in. depth and 
5-in. web thickness (Figure 1). They are usually designed for 
an ultimate shearing force of 325 kips ( 4) . Table 1 shows the 
design loads at a continuous joint for a span of 132 ft 10 in. 

With these loads as the basis, two 20-ft Series 14 girders 
without end blocks were designed and erected on a concrete 
pedestal to form a typical continuous joint. The experimental 
setup is shown in Figure 2. Details of the girders and the 
continuous joint are shown in Figures 3 and 4. 

The stirrups within Girders A and B were instrumented 
with strain gauges. A #4 steel bar was placed at the center 
and 3 in . from the bottom so that the stresses could be mon
itored in the vicinity of the end regions . Figure 5 shows the 
locations and numbers of the gauges on the stirrups and the 
steel bars. Symmetric instrumentation was used for Girder B, 
with 200 designations for gauges; for example, gauges 101 and 
201 were in identical locations of Girder A and Girder B, 
respectively. 

The strains were measured during detensioning, immedi
ately after the slab and the diaphragm were cast, and during 
the load application. Before each event strain gauges were 
initialized. 

OBSERVATIONS AND RESULTS 

This section discusses the stresses and the strains during the 
prestress transfer caused by the applied loads. It also presents 
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the results of the combined effect of detensioning, casting of 
the slab and the diaphragm, and the applied loads. 

During Prestress Transfer 

The stresses in the stirrups and the longitudinal steel bar were 
obtained through the multiplication of the strains by the mod
ulus of elasticity of steel (E = 29,000 ksi). Figures 6a-c show 
the variation in the stresses along the length of the girders. 
The following observations were made: 

• The stress in the stirrups decreased with an increase in 
the distance from the ends of Girders A and B. 

• Near the girder ends and at the levels of the centroidal 
axis, the stress was approximately 20 ksi (Figure 6a) . At the 
locations of the resultant prestressing force and juncture 
between the web and bottom flange, the stresses were 23 ksi 
(Figures 6b and 6c). The stresses decreased with an increase 
in the distance, except at Gauges 230; 123 and 223; and 131 
and 231, where the stresses varied from 20 ksi to 29 ksi. 

• Stresses greater than 3.5 ksi indicated the presence of 
microcracks in the concrete. This was based on the assumption 
that the tensile strength of concrete is 7 .5 v'J' c and the mod
ulus of elasticity of concrete is 33 w1•5 v'f c. 

FIGURE 1 View of the continous end of a test 
girder. 

• The stresses in Girders A and B agreed well except at 
the junction of the web and the bottom flange. The region 
was highly susceptible to microcracking and the subsequent 
nonuniform behavior of concrete. 

TABLE 1 DESIGN LOADS AT A CONTINUOUS SUPPORT 

Maximum Moment 
Case 

Case (ft-kips) 

Vdl 99. 
VOL cont. 35. 
Vll 34. 
Vu 250. 

Mdl -952. 
Hll -1067. 
Hu -3554. 

Ol (Uniform Continuous) • 0.43 K/ft. 
Impact • 1.194 
Distribution • .955 
Span • 132.8 ft. 

Where, Vdl factored dead load, kips 

Maximum Shear 
Case 

(kips) 

99 . 
35 . 
45 . 

274 . 

-952. 
-804 . 

-2980. 

Vdl cont. factored uniform continums dead load, kips 

Vll factored live load, kips 

Vu . design factored load, kips 

Mdl factored moment due to dead load, ft-kips 

Mll factored moment due to live load, ft-kips 

Hu . design factored moment, ft-kips 
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Figure 7 shows the stresses in the #4 steel bar at different 
locations along its length. The tensile stresses varied between 
2 and 4 ksi and were considerably lower than those in the 
stirrups because the bar was outside the spalling and bursting 
zones. In addition, the bar was oriented in the direction of 
the cracks caused by spalling and bursting stresses. The com
pressive zone began at a distance of 28 in., which was beyond 
the transition zone of 25 in. from the end. 

During Applied Loads 

The results from the tests were independent of the strains 
recorded after detensioning and during the casting of the slab 
and diaphragm. The first applied load was 30 kips. This was 
followed by increments of 60 kips up to a load of 210 kips. 
At that level the increments were then decreased to 30 kips 
until a load of 510 kips was reached. At each load step the 
deflection at the point of loading and the strains were recorded. 

Cracking Pattern 

No significant cracking was observed until a load of 150 kips 
was reached. At that stage, cracks that had begun at deten
sioning propagated. The greatest increase in the length of the 
cracks was about 6 in. These were predominantly in the direc
tion of the inclined prestressing strands in the webs. Vertical 
cracks caused by flexural stresses were noticed in the slab and 
the top flanges when a load of 210 kips was reached. Some 
of these cracks propagated into the webs as the load was 
increased to 270 kips. At that load lead, cracking was more 
prominent in the webs than in the slabs and the top flanges. 
These were on the tension side and within a distance of h/4 
from the diaphragm, where h was the overall depth of the 
composite section. Up to this stage the flexural and the flex-

ure-shear cracks had been more dominant than those caused 
by web shear. The cracks were inclined at angles varying 
between 50 and 90 degrees. 

As the load was increased, new cracks formed and earlier 
cracks extended. The cracks appeared to be equally spaced 
in the longitudinal direction and located away from the dia
phragm. For loads higher than 300 kips, the cracks were mostly 
caused by web shear. At 300 kips, the cracks extended toward 
the bottom flange. Loads of 300, 330, and 360 kips created 
cracks that were located beyond a distanceof h/2 from the 
ends and inclined at angles between 30 and 35 degrees. Similar 
cracking patterns were observed in both girders. 

The observations made are summarized below: 

• Cracks in the slab and top flange were caused by excessive 
flexural tensile stresses. The first visible flexural crack formed 
at an applied load of 210 kips. 

• At an applied load of 270, the cracks were mainly caused 
by flexural shear. These were generally on the tension side 
of the web and fell within a distance of h/4 from the girder. 
The applied load of 270 kips corresponded to a maximum 
shear of 291 kips, which was higher than the design ultimate 
shear of 274 kips (Table 1). 

• Cracks within a distance h/2 from the face of the dia
phragm were inclined at varying angles, depending on their 
location with respect to the neutral axis. Cracks in the tension 
zone were inclined at an angle between 40 and 50 degrees to 
the horizontal. Cracks in the compression zone were inclined 
at an angle of 25 to 30 degrees. Thus, in the tensile region, 
flexural-shear cracks occurred, whereas in the compression 
region cracks were caused by shear stresses combined with 
direct and flexural-compressive stresses. 

• For cracks farther away than h/2, the angle of inclination 
varied from 25 to 30 degrees. These cracks were caused by 
loads of more than 270 kips. Cracks caused by loads of 270, 
360, 390, 420, 450, and 480 kips were located 1 ft 6 in., 3 ft, 
3 ft 8 in., 6 ft 3 in., 10 ft, and 10 ft 3 in. from the face of the 
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diaphragm and along the centroidal axis . The corresponding 
angles of inclination at these locations were 65, 50, 35, 30, 
29, and 25 degrees. 

• Most of the web-shear cracks originated at the junction 
of the top flange and web and propagated toward the bottom 
flange at an angle of 30 degrees. Web-shear cracking was 
observed at loads higher than 300 kips. 

Strains recorded during the test were caused by only the 
applied loads because the gauges had been initialized before 
loading. A sudden increase in strain in a gauge is a result of 
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FIGURE 7 Stresses in the horizontal bar at the center of the 
bottom flange versus distance from the continuous end. 

cracking in the concrete and the subsequent transfer of loads 
to the stirrup. 

Strains Versus Applied Loads 

The variation in strains in the gauges that occurred as the 
applied load increased from 30 to 480 kips is discussed in the 
following subsections. 

Gauges on the Stirrups 

In Figures 8 and 9, strains versus applied loads are plotted 
for the gauges on the stirrups located 38 in. from the bottom 
of the girders. 

Figure 8 shows (Gauges 100 and 200) the presence of micro
cracks at a load of 150 kips . For loads greater than 150 kips, 
the strain increased. Gauge 213 indicated the formation of 
microcracks at a load of 270 kips , whereas for loads greater 
than 270 kips, Gauge 113 showed a rapid increase in strains. 
The gauges shown in Figure 8 were located below the cen
troidal axis of the composite section. 

Figure 9 shows that Gauges 118 and 218 behave linearly up 
to a load of 300 kips, whereas Gauges 129 and 229 show a 
linear response up to 360 kips. At loads of more than 300 and 
360 kips, respectively, concrete cracking transferred the load 
to the stirrups. 

The response of tne stirrups at the level of the resultant 
prestressing force, that is, 25 in. from the bottom of the gir
ders, can be seen in Figures 10 and 11. 

Figure 10 shows that deviation occurs at a load of 270 kips. 
In the case of Gauges 114 and 214, there was a transition 
from a compressive strain to a tensile strain . For Gauges 122 
and 222, deviation from linearity occurred at a load of 360 
kips . 

For Gauges 127 and 227 (Figure 11) the cracking load was 
360 kips. Gauge 130 indicated a linear increase in tensile 
strains of up to a load of 390 kips and then deviated from 
linearity. Gauge 230 did not function. 

The strains in the gauges at the junction of the web and 
the bottom flange are plotted in Figures 12 and 13 . 

Gauges 105 and 205, shown in Figure 12, indicated com-
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223, 131, and 231. 
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pressive strain, whereas Gauges 115 and 215 showed negli
gible strains up to a load of 300 kips . Beyond that point, the 
strains became increasingly tensile . Figure 13 shows that Gauge 
123 behaved linearly up to a load of 480 kips, whereas Gauge 
223 deviated from linearity at 360 kips. The steady increase 
of tensile strains in the gauges was caused by the strutting 
behavior of the concrete. Strutting action caused the stirrups 
to be in tension. The results agreed with the cracks observed 
near the web and the bottom flange . 

The following conclusions can be drawn from the strains in 
the stirrups: 

• Loads at which the strain-versus-load curve deviate from 
linearity increased for gauges located farther away from the 
diaphragm . 

• Generally gauges located within 13.5 in. from the dia
phragm showed good agreement at loads less than 270 kips. 

• In general, gauges located beyond 13.5 in. behaved lin
early up to a load of 300 kips. 

Strains Along the Center of the Bottom Flange 

Strains in the steel bar located 3 in. above and along the 
centerline of the bottom flange are presented in Figures 14 
to 16. 

Gauges 106, 206, 107, and 207 were located within the 
diaphragm. Therefore, they indicated compressive strains 
(Figure 14). Figures 15a and 15b compare experimental and 
theoretical values as obtained by the flexural equation . 

The theoretical values were based on the assumptions that 
concrete acts as a homogeneous and linearly elastic material. 
Tensile reinforcement in the slab was transformed into an 
equivalent area of concrete. The deviation of the experimental 
values from the theoretical results began at a load of 270 kips. 

Figure 16 shows the development of cracks at Gauges 124 
and 224 and at a load of 330 kips. Gauge 225 did not function, 
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whereas Gauge 125 deviated from linearity at a load of 270 
kips. 

The strains in the steel bar lead to the following conclusions: 

• The maximum compressive strain at the midsection of 
the diaphragm was 0.0017, which was about 50 percent of the 
maximum compressive strain that concrete can sustain. 

• The tension in Gauges 124, 224, and 125 can be explained 
on the basis of the compression strut theory. The formation 
of cracks in the web near the bottom flange resulted in a 
strutting action in the web. The horizontal component of the 
force in the strut was resisted by the bottom flange, which 
behaved as a tension member. 

Combined Effective Strains and Stresses 

In the previous subsection, the strains and stresses caused by 
applied loads and corresponding moments were studied. This 
subsection presents the combined strains resulting from the 
effective prestressing force and the slab. Tables 2, 3, and 4, 
which assume a prestressing loss of 25 percent and a linear 
relationship between the prestressing force and stresses, show 
the combined effect of prestressing force, the weight of the 
slab, and the applied load. 

Table 2 shows the stresses from gauges that are 38 in . from 
the bottom of the girders. At a load of 300 kips , the greatest 
stress in the stirrups was 20 ksi , and it occurred 1.5 in. from 
the diaphragm. Up to the applied load of 360 kips, stresses 
in the stirrups decreased as the distance from the diaphragm 
increased. For loads higher than 360 kips, stresses in the stir
rups farther than 17.5 in. increased. At a load of 480 kips, 
the first yielding occurred in the stirrup located 41.5 in. from 
the diaphragm. 

Table 3 shows the stresses that are located 25 in. from the 
bottom. Within a distance of 9.5 in., stresses increased as the 
distance from the diaphragm increased. The greatest stress at 

-
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FIGURE 14 Stresses in the horizontal bar at the center of the bottom 
flange due to applied loads-Gauges 106, 206, 107, and 207. 
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a load of 300 kips was 17 ksi and occurred at a distance of 
25.5 in. Beyond that load and except for gauges 222 and 127, 
the stresses decreased. At the maximum load of 480 kips, 
stresses in the stirrups located within the transfer length of 
25 in. were about 50 percent of the yield stress. At that load 
level, yielding occurred in the stirrup located 25.5 in. from 
the diaphragm. 

At the junction of the web and the bottom flange, that is, 
11 in. from the bottom, and at a load of300 kips, the maximum 
stress in the stirrups was 17 ksi and occurred at 33.5 in. (Ta
ble 4). At 480 kips, the stresses within a distance of 17.5 in. 
were within 50 percent of the yield stress, whereas stresses at 
33.5 in. were 57 ksi. 

Table 5 shows the maximum stresses in the stirrups along 
the length of the girders. The following data can be observed 
from the table. 

• The maximum stress at a load of 300 kips was 20 ksi and 
occurred at 1.5 in. from the end of the girder. That stress is 
33 percent of the yield stress (60 ksi). 

• Within the transfer length of 25 in., the maximum stress 
caused by a load of 480 kips was 36 ksi, which was about 60 
percent of the yield strength. For locations beyond the transfer 
length, the maximum stress at 480 kips was 60 ksi. 

• As the load increased from 300 kips to 480 kips, the 
stresses increased with an increase in the distance from the 
diaphragm. 

Load Versus Deflection Curve 

The deflection of the active side was measured at the point 
of load application. Figure 17 shows a curve of load versus 
deflection. The curve is linear up to 270 kips of applied load. 
Thereafter, deflection increased steadily with an increase in 
the applied load. The maximum deflection was 3.3 in., whereas 
the deflection at 270 kips was 1.2 in. The recovery after the 
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FIGURE 16 Stresses in the horizontal bar at the center of the bottom 
flange due to applied loads-Gauges 124, 224, 125, and 225. 



TABLE 2 STRESSES (ksi) IN STIRRUPS AT y = 38 in. LOAD 
COMBINATION: EFFECTIVE PRESTRESS PLUS WEIGHT OF THE 
SLAB PLUS THE APPLIED LOAD 

x 

!. 5 5. 5 9. 5 13.5 17. 5 25. 5 33.5 41. 5 

Girder 

A B A A B A B A B A B A A 

Gage No. 
Load 
(kips) 100 200 103 203 110 210 113 213 118 218 121 221 125 226 129 229 

30 10 10 9 7 5 l - 1 ·6 
90 14 13 l 3 2 l - 1 6 

150 14 13 l 3 2 2 0 7 

210 17 14 0 -1 1 3 0 7 
240 18 14 - 2 -2 1 3 1 8 
270 19 15 - 3 -4 NG NG 6 NG 4 1 NG NG 8 NG 

300 20 15 · 3 . 4 3 9 7 8 3 9 
330 20 15 - 3 -S 4 11 8 12 8 11 
360 21 15 -2 . 4 7 13 15 19 9 11 
390 21 15 · 2 · 2 10 16 21 27 18 16 

420 21 15 ·l · 3 11 17 23 29 29 20 
450 22 15 · l . 5 13 18 26 33 37 27 
480 23 16 ·2 · 5 15 19 34 44 43 60 

x • di stance of a stirrup from the face of the diaphragm in inches 

y •distance of the gases from the bottom of girder A and girder 8 

NG • Not Good 

TABLE 3 STRESSES (ksi) IN STIRRUPS AT y = 25 in. LOAD 
COMBINATION: EFFECTIVE PRESTRESS PLUS WEIGHT OF THE 
SLAB PLUS THE APPLIED LOAD 

!. 5 5.5 9.5 13 .5 17. 5 25. 5 33 .5 41. 5 

Girder 

A B A B A B A B A B A A A 

Gage No . 
Load 
(kips) 101 201 104 204 111 211 114 213 119 219 122 222 127 227 130 230 

30 7 11 11 10 8 6 6 ·I ·I ·6 1 ·2 
90 5 9 10 8 7 4 5 ·1 -2 -6 3 ·2 

150 2 7 7 6 6 4 4 ·1 ·3 ·5 6 ·3 

210 5 6 4 5 -2 ·5 -5 10 -3 
240 4 5 2 4 ·2 -5 -3 12 -3 
270 NG 4 4 3 10 -2 -8 ·3 14 -3 

300 2 5 4 7 14 7 2 0 1 : J 17 ·2 
330 3 6 5 9 16 9 12 8 5 ·I 20 -1 
360 5 6 5 9 17 13 13 13 5 l 23 10 
390 7 7 9 10 20 15 18 15 8 4 27 19 

420 B 8 11 10 21 19 21 17 13 6 30 24 
450 9 8 13 11 23 20 25 18 17 8 33 29 
480 10 9 15 13 25 22 28 20 19 12 60 42 

x • di stance of a stirrup from the face of the diaphragm in inches 

y • di stance of the gases from the bottom of girder A and girder B 

NG • Not Good 
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the first yielding of the stirrups occurred at an applied load 
of 480 kips, which corresponded to a total shear of 500 kips. 
The girders showed an excess capacity of 54 percent beyond 
the ultimate shear. 

The first yielding of the longitudinal steel occurred at a 
moment of 5,407 ft-kips. The maximum ultimate design moment 
was 3,554 ft-kips, so the composite section had 52 percent 
excess moment capacity over the maximum design moment. 

TRANSPORTATION RESEARCH RECORD 1223 

Therefore, the logical conclusion is that Series 14 girders 
without end blocks can perform effectively as continuous girders 
as long as (a) they are placed normal to the support and (b) 
the construction sequence presented in this paper is followed. 
Even though no impact or fatigue loadings were used, the 
conclusions should hold considering the high levels of factor 
of safety for ultimate moment and shear force. 
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TABLE4 STRESSES (ksi) IN STIRRUPS AT y = 11 in. LOAD 
COMBINATION: EFFECTIVE PRESTRESS PLUS WEIGHT OF THE 
SLAB PLUS THE APPLIED LOAD 

x 

1. 5 5. 5 9.5 13 .5 17. 5 25. 5 33.5 

G1 rder 

A B A B A B A B A B A B A B 

Gage No. 
Loild 
(k1ps) 102 202 105 205 I IZ ZIZ 115 215 120 220 123 223 128 228 

30 II 14 9 8 6 0 -13 -I 
90 10 14 9 8 6 0 -13 - I 

150 8 13 8 7 5 - 1 -14 · l 

210 5 II 7 -I -14 - I 
240 4 10 6 -1 -14 -I 
270 3 9 6 NG · l ·14 NG NG ·I 

300 3 9 0 7 s 6 2 -1 · 15 17 -1 
330 4 9 2 10 8 10 6 ·l 2 40 18 
360 5 II 6 14 IZ 15 14 I 3 38 38 
390 6 IZ 8 18 13 19 Zl 18 II 41 41 

420 7 13 10 21 15 21 22 20 14 44 45 
450 6 14 11 25 16 24 28 24 22 49 52 
480 6 15 14 27 20 28 31 30 27 57 57 57 

x •distance of a stirrup from the face of the diaphragm in inches 

y • di stance of the gases from the bottom of girder A and girder B 

NG • Not Good 

TABLE 5 MAXIMUM STRESSES (ksi) IN THE STIRRUPS 

x 1. 5 5. 5 9.5 13. 5 

Load (k1ps) 

30 14 11 10 

90 14 10 B 

150 14 8 

210 17 

240 18 

270 19 10 6 

300 20 14 9 

330 20 10 16 II 

360 21 14 17 IS 

390 21 18 20 19 

420 21 21 21 21 

450 22 ZS 23 24 

480 23 27 25 28 

x •Distance from the face of the diaphragm 

removal of the load was 2.4 in ., that is, the net plastic defor
mation was 0.9 in. 

17. 5 25. 5 33.S 

2 2 

2 6 2 

2 10 

10 

14 

17 17 

8 20 40 

15 23 38 

21 27 41 

23 30 44 

26 33 49 

31 36 52 

41. 5 

A 

131 231 

NG NG 

41. 5 

7 

8 

9 

II 

II 

16 

20 

27 

60 
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SUMMARY AND CONCLUSIONS 

Series 14 girders is equal to 325 kips. This is approximately 
equal to an applied test load of 300 kips, in addition to the 
maximum manufactured dead load shear of 21 kips. At that 
shear force , the maximum effective stress in the stirrups was 
20 ksi, which was 33 percent of yield stress. That load cor
responded to the initiation of web cracking. 

The Series 14 girders have been statically tested and designed 
for a maximum factored shear, V,., of274 kips and a moment, 
M .. , of 3,552 ft-kips. The maximum ultimate shear, V .. , for 

At higher loads, web cracking increased, and the stirrups 
located beyond the transfer length of 25 in. indicated higher 
stresses than those located within the transfer length. Finally, 
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Dynamic Analysis of Girder Bridges 

Eur-SEUNG HwANG AND ANDRZEJ S. NowAK 

This paper deals with the calculation of dynamic loads in girder 
bridges. Three major elements are considered: vehicle dynamics, 
road roughness, and bridge dynamics. The parameters repre
senting the road profile and axle weights are treated as random 
variables. The statistical models are established on the basis of the 
available test, measurement, and analytical data. The mathemat
ical equations relating forces and deformations are formulated, 
with the system of equations solved by a numerical integration 
method. Using the Monte Carlo technique, a procedure is devel
oped for simulation of the dynamic load spectra. The approach is 
demonstrated on a typical steel girder bridge. The resulting dis
tribution functions of the dynamic load are presented on a normal 
probability scale. 

The dynamic load is an important parameter in bridge design 
and evaluation. In the current AASHTO standards (1), dynamic 
load (impact), /, is treated as an equivalent additional static 
load: 

( 
50 ) 

I= L + 125 LL (1) 

where 

L span length in ft and 
LL live load. 

In Ontario, the dynamic load allowance (fraction of live load) 
is specified as a function of the natural frequency of vibration 
of the bridge (2), as shown in Figure 1. A similar approach 
is used in the revised Swiss code (SIA 160) (3). 

On the other hand, observations and measurements indi
cate that the dynamic behavior of the bridge is a function of 
three major factors (4-9): 

• Dynamic properties of the vehicle (mass, suspension, axle 
configuration, tires, speed); 

• Road roughness (approach, roadway, cracks, potholes, 
waves); and 

• Dynamic properties of the bridge structure (span, mass, 
support types, material, geometry). 

In this study a procedure is developed to quantify the dynamic 
load effect. The three factors just listed are considered. The 
analysis is performed for the syperstructure of a simply sup
ported girder bridge. The dynamic load effect in a bridge is 
measured in terms of a dynamic load factor (DLF). DLF is 
defined as the ratio of the maximum deflection experienced 
by the bridge (including dynamic effects) and the maximum 

Department of Civil Engineering, The University of Michigan, Ann 
Arbor, Mich. 48109. 

static deflection at midspan. Mathematical equations relating 
forces and deformations are formulated and solved using a 
numerical integration method. A simulation procedure, based 
on Monte Carlo technique, is developed to calculate the bridge 
dynamic load spectra. 

The proposed procedure can be used for the development 
of more efficient design and evaluation criteria. 

VEHICLE DYNAMICS 

From the dynamic analysis point of view, the truck is com
posed of the body, wheels with tires, and the suspension sys
tem. There is a variety of configurations, including tractor 
with or without trailer(s) and different axle loads and axle 
spacings. In this study the four most common vehicles are 
used: two single trucks (S2 and S3) and two semi tractor
trailers (T4 and TS) as shown in Figure 2. 

It is assumed that trucks are equipped with multileaf spring 
type suspensions. Leaf springs can be treated as nonlinear 
devices that dissipate energy during each cycle of oscillation. 
Their characteristics were measured by Fancher et al. (10). 
The results show that the force-deflection relationship does 
not depend on the frequency of oscillations occuring in the 0 
to 15 Hz range, but it depends on the motion amplitude and 
the nominal load. Fancher et al. (10) derived nonlinear (log
arithmic) equations relating forces and deflections of the truck 
suspension system. These equations are used in simulation of 
the DLF. 

Tires can be treated as linear elastic spring components. 
The spring constants were measured by Fancher and Ervin 
(11). A typical value of 10,000 lb per in. per tire is used in 
this study. 

A truck body is represented by a distributed mass subjected 
to rigid body motions. Vertical displacements and pitching 
rotations are considered. A trapezoid mass distribution is 
assumed with a constant mass density p (Figure 3). The mass 
moment of inertia about the mass central axis is 

ph3 p2 + 4pq + q2 
!= -~-~~-~ 

36 p + q 
(2) 

where p, q, and h are shown in Figure 3. Let r = cl(a + b) 
and W = total mass; then 

I= W/6 [4(r2 + r + l)ab + (2r2 + 2r - l)(a2 + b2)) (3) 

where a, b, and care dimensions also shown in Figure 3. A 
model of a single truck and the corresponding free body dia
gram are shown in Figure 4. Four equations can be obtained, 
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(a) Two Axle Single Truck (S2) (b) Three Axle Single Truck (S3) 

(c) Four Axle Tractor Trailer (T4) (d) Five Axle Tractor Trailer (T5) 

FIGURE 2 Trucks used in the study. 

mAss center 

FIGURE 3 Truck body model. 

three for the vertical equilibrium and one for the rotation 
equilibrium, as follows: 

m 1 (a2 ji 1 + a1 ji2 ) + SF1 + SF2 = 0 

m2 ji3 + TF1 - SF1 = 0 

m3 ji4 + TF2 - SF2 = 0 

l/ji 1 - ji2)/s + SF1a1s - SF2a2s = 0 

(4) 
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where 

y, vertical displacements, 
m; masses, 

SF; = suspension forces, 
TF; = tire forces, 

s distance between axles, 
a; = distances between mass center and axles, and 
IY = pitching rotation moment of inertia. 

A model of a tractor-trailer and the corresponding free body 
diagram is shown in Figure 5. Seven equations can be obtained 
from the vertical and rotation equilibrium, 

m 1yc1 + SF1 + SF2 + Pi = 0 

m2Yc2 + SF3 - pi = O 

0 

0 

l/i 1 + a1s1SF1 - a2s1SF2 - (a3 - a1)s1Pi 0 

Izi;i2 a~2SF3 - a5s2Pi = 0 

where 

S; = distances between axles, 
Pi = tractor-trailer interaction force, 
Ye; = deflections at mass center, 
0; rotations at mass center, 

(5) 

I; = pitching rotation moments of inertia, and other nota
tions as in Equation 4. 

From the truck geometry, 

Yc2 = llsYJ + a6(a4y1 + ll3Y2) (6) 
01 (y1 - Y2)ls1 

Substituting these geometric equations into equilibrium 
equations, the following six equations of motion are obtained 
for a tractor-trailer: 

m4 y5 + TF2 - SF2 

m5 ji6 + TF3 - SF3 

where 

0 

0 

0 

c1 I2a~/s~ + l/sr + a~m 1 + aja~m2 , 
c2 12a3ais~ - l/sr + a1a2m 1 + a3a4a~m2 , 

c3 a4a5a6m2 - I2ais~, 

(7) 
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FIGURE 4 Model of a single truck. 

(a) truck model 
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(b) free body diagram 
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FIGURE 5 Model of a semi tractor-trailer. 

I2a51s~ + I/sf + aTm 1 + a5a~m2 , 
a3a5a6m2 - I2a3/s~ , and 
a~m2 + lzfs~. 

m1Yc1 

SFl . . 

C!=f 
TFl 

Table 1 gives the probability of occurrence for each truck 
type (12). It clearly indicates that the dominant type is a five
axle semi tractor-trailer. For each truck type, the calculations 
were based on truck weight measurement data (12), with the 
statistical parameters of the total weight given in Table 2. The 
weight distribution over axles and axle distances are assumed 

Y1 

(b) free body diagram 

TABLE 1 FREQUENCY OF 
OCCURRENCE FOR VARIOUS 
TRUCK TYPES 

Truck Types Frequency o[ Occurrence (%) 

2-axle single (S2) 9 

3-axle single (S3) 5 

4-axle semi (T4) 19 

5-axle semi* (T5) 67 

* 5-axle semi tractor-trailer includes 6 or more axle 
semi tractor-trailers and 5-axle splits. 

TABLE 2 STATISTICS OF TOTAL WEIGHT 

Total Weight, W (kips) 

Truck Type Mean Standard Distribution Minimum 

Value Deviation Type Value 

S2 15.26 4.42 Normal 10.0 

S3 26,35 8.32 Normal 11.5 

T4 27.99 8.06 Normal 13.7 

T5 44.41 17.11 Normal 15.2 

Maximum 

Value 

30.0 

70.0 

70.0 

90.0 
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to be constant as shown in Table 3. The axles' own weights 
are assumed as constants with values taken from Francher 
and Ervin (11): 1,200 lb per front axle, 2,500 lb per mid axle, 
and 1,500 lb per rear axle. 

ROAD ROUGHNESS 

The road profile must be generated to analyze the effect of 
road surface roughness. The road profile is the realization of 
a random process and the surface roughness can be described 
by a spectral density function. The statistical model can be 
established using recent developments in profile measuring 
and spectral analysis. 
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TABLE 3 WEIGHT DISTRIBUTION AND 
AXLE DISTANCES 

Truck Type Weight Distribution (%) Axle Distances 

Front Middle Rear (ft) 

S2 40 60 16 ,0 

S3 31 69 18 .2 

T4 24 39 37 12.0, 29 7 

T5 18 47 35 14.0, 33.l 

In this study, the road surface is modeled as a stationary 
Gaussian random process (13). A stationary Gaussian random 
process, X(t), can be generated using a simple periodic cosine 
function of time with amplitude a, circular frequency w, and 
phase angle e, 

X(t) = a cos (wt - e) (8) 

A finite sum of N discrete functions can also be considered 

N 

X(t) = L a,, cos (w,.t - e,,) (9) 
n=l 

Assume the phase angle e,, is an independent random var
iable distributed uniformly in the range of 0 to 2'JT. Then 

(2"' 
£[cos e,.] = Jo (cos e,,)[1/(2'TT)] de,, = 0 (10) 

Thus, the ensemble first two moments are 

N 

E[X(t)] = L a,.E[cos (w,.t - e,,)] = 0 (11) 
n=l 

[ 

N M ] 
E[X 2 (t)] = E "~1 a,, cos (w,,t - e,,) m2;, am cos (wmt - e"') 

(12) 

Both E[X(t)] and E[X2(t)] do not depend on t; hence the 
process X(t) is stationary. 

For a stationary Gaussian random process the following 
equation must be satisfied for the mean, m, variance, CJ2

, and 
spectral density function, S(w): 

CJ
2 = rx S(w) dw - m 2 (13) 
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By substituting m = 0 and by discretizing the integral, the 
following equation is obtained: 

N 

CJ2 = 2 L S(w,,) Aw = E[X 2 (t)] (14) 
11 -"" I 

Combining Equation 12 and Equation 14 yields 

a,, = V4S(w,,) Aw (15) 

Therefore , the random process X(t) can be expressed as fol
lows: 

N 

X(t) = L V4S(w,,} Aw cos (w,,t - e,,) (16) 
n=l 

Honda et al. (14) showed that the spectral density of the 
bridge surface roughness can be approximated by an expo
nential function. The spectral density S('Y) can be represented 
by 

S('Y) = a · r" (17) 

where a is the roughness coefficient, n is the spectral shape 
index,)' is the spacial frequency, and 'Ya and l'b are the lower 
and upper limit. The statistics of a and n are shown in Table 
4. From Equation 16 and Equation 17, the road profile can 
be generated by randomly selecting the phase angle e. The 
roughness model does not include bumps or discontinuities. 

BRIDGE DYNAMICS 

It is assumed that the static and dynamic load distribution 
factors are the same. Consequently, the whole bridge is con
sidered as a prismatic beam with flexural stiffness, El. The 
equation of motion is 

iJ'y azy 
EI - + - = p(x t) ax• at2 , 

(18) 

where p(x, t) = applied distributed force. This tourth oraer 
partial differential equation can be solved by the method of 
separation of variables . The general solution is 

x 

y(x, t) = L <!>,,(x)z,,(t) (19) 
n=) 

In case of the simply supported beam, the shape function 
<!>,,(x) is 

<!>,,(x) = sin (n'JTxlL) (20) 

TABLE 4 STATISTICS OF PARAMETERS IN SPECTRAL 
DENSITY FUNCTION 

Parameter Mean Standard Distribution Minimum Maximum 

Value Devia.tion Type Value Value 

a 0.0098 cm2 /c/m exponential 0.0 0.06 

n 1 92 0.283 normal 1.3 2.5 
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Substituting Equation 19 and 20 into Equation 18 and includ
ing the damping effect, z,,, yields the following equation relat
ing modal mass, M., = f~ <!>~(x)m dx = mL/2, modal force, 
F,,(1) = f~ <j>,,(x)p(x, t) dx, and natural frequency w,, = n27T2 

VEl/mL·' flexural stiffness of the cros ·ection , El , and dis
tributed applied force, p(x, t): 

z"(t) + 2t,w,,i,,(t) + w~z.,(t) = F,,(t)IM,, (21) 

The flexural stiffness is the most important parameter. 
However, it is difficult to evaluate El because it depends on 
flexural stiffnesses of girders as well as transverse flexibility 
of the slab and diaphragms. El can be calculated from the 
first flexural natural frequency of the bridge,/. The frequency. 
/(Hz), can be calculated for a given pan length, L(m), using 
the formula established by Cantieni (15): 

f = 95.4 . L -o.933 (22) 

The stiffness can be calculated from the first natural frequency. 

DYNAMIC LOAD FACTOR 

A computer procedure was developed by the authors at The 
University of Michigan to calculate the maximum deflection 
(static and dynamic) and the DLF, following the flowchart 
shown in Figure 6. The program incorporates the equations 
describing dynamics of the vehicle, road roughness, and 
dynamics of the bridge. The Monte Carlo technique is used 
to generate basic parameters, including the road profile and 
the truck weight. The approach is demonstrated on a typical 
simply supported steel girder bridge with a 100-ft span. The 
first flexural frequency is 3.935 Hz (calculated using Equation 
22). The nth order frequency is n2 x 3.935 Hz. The flexural 
stiffness can be calculated using continuous beam theory, 
El = 4.867 x 1012 lb-in. 2 . The damping of the bridge is 
assumed as 2 percent of the critical damping for each mode. 
In computations the time step used is 0.001 sec and the relative 
tolerance for convergence of each time step is 0.001. A typical 
example of a bridge response is shown in Figure 7. 

The spectral density function is calculated for each road 
profile. However, an infinite number of road profiles can have 
the same spectral density. To examine the effect of different 

simulation start 

geherate uniform random numbers 

calculate total weight, roughness coefficient 
and index using generated random numbers and 
available statistical models 

calculate other parameters including truck 
body weight and pitching moment of inertia 

generate random road profiles using roughness 
coefficient and index 

calculate the maximum dynamic deflections at 
brid e mids an 

simulation complete 

FIGURE 6 Flowchart of a computer simulation 
procedure. 
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profiles on the DLF, the calculations are carried out for ran
domly selected 10, 20, and 40 profiles. The resulting DLF 
values for a five-axle truck are plotted on the normal prob
ability graph (13) in Figure 8. The vertical scale on the right 
is the cumulative probability (percentage). The vertical scale 
on the left is the inverse standard normal distribution. Normal 
and only normal distributions are represented by straight lines 
on this graph. The distributions plotted in Figure 8 indicate 

2 .0 DLF -- dynamic 
100 ft Simple Span 

----- static 

1. 0 

Distance of Front axle from Abutment (ft) 

FIGURE 7 Typical example of bridge reponse for TS truck. 
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FIGURE 8 Dynamic load factor for various numbers of road profiles. 

that 20 profiles provide a sufficient accuracy, and therefore 
it is used in further calculations. 

Values of DLF are calculated separate! y for each truck type. 
For each type, 50 weights are generated, and for each weight, 
20 road profiles are generated. This results in 1,000 DLF 
values per truck type. The DLF spectra for the considered 
truck types are plotted in Figure 9 on normal probability scale. 
The largest values of DLF were obtained for the single truck 
S2, and the lowest values for semi tractor-trailer T4. For each 
truck type, the mean and standard deviation of DLF are cal
culated and presented in Table 5. The large values are deter
mined by bad surface conditions of existing bridges (14), and 
they are too high for design. 

CONCLUSIONS 

A procedure has been developed for calculation of the DLF. 
Three main factors are considered in the analysis: vehicle 
dynamics, road roughness, and bridge dynamics. The avail
able test , measurement, and analytical data are reviewed and 
incorporated in computations. The developed method is dem
onstrated on a typical steel girder bridge. DLF values are 
generated using the Monte Carlo technique. It has been 
observed that simulation of 20 road profiles provided suffi
ciently accurate results . Spectra of DLF values have been 
calculated for the four most common truck types . The results 
are plotted on the normal probability graph . 
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FIGURE 9 Dynamic load factor for various truck types. 

TABLE 5 STATISTICS OF DYNAMIC LOAD 
FACTOR 

I Truck Type I Mean I Standard Deviation I 
52 1.288 0.184 

53 1.249 0.168 

T4 1.179 0.096 

T5 1.271 0.171 

The developed procedure provides an analytical tool for 
quantification of the dynamic load. The important application 
is in the development of efficient design and evaluation cri
teria. However, there is a need for more measurement 
data including vehicle characteristics and bridge response 
parameters. 
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Dynamic Testing of Highway Bridges
A Review 

B. BAKHT AND s. G. PINJARKAR 

A review is presented of the recent technical literature in the 
English language dealing with bridge dynamics in general and 
dynamic testing of highway bridges in particular. It is shown that 
several definitions have been used for the impact factor and thus 
the same set of field test data may lead to widely varying estimates 
of the impact factor. In nearly all the reviewed references, there 
is little or no justification for using a particular definition, sug
gesting that each of the various definitions was regarded as axio
matic, requiring no justification. It is also shown that there are 
additional factors that may be responsible for misleading conclu
sions from the test data; these factors include vehicle type, vehicle 
weight, transverse position of the vehicle with respect to the ref
erence point, differences in dynamic increment of strains and 
deflections, presence of bearing restraint forces, and roughness of 
the riding surface. A preferred method of interpreting the field 
test data for obtaining a representative value of the impact factor 
is suggested. It is shown that the impact factor is not a tangible 
entity susceptible to deterministic validation. 

Vehicles that are expected to cross a highway bridge during 
its lifetime are accounted for in the design of the bridge through 
a statistically applied design load and a certain prescribed 
fraction of it, which is traditionally referred to as the impact 
factor, and lately as the dynamic load allowance. The static 
design load is a tangible entity that can be derived from the 
static weights of actual and foreseen vehicles in such a way 
that the load effects induced by it in any bridge are repre
sentative, with a certain degree ofreliability, of the load effects 
induced by these actual and foreseen vehicles. The impact 
factor, on the other hand, is an abstract entity that is supposed 
to account for the magnification of load effects in a bridge 
caused by the interaction of the vehicle and the bridge. 

Despite its abstract nature, the impact factor has been used 
in the design of bridges for several decades. There have been 
numerous attempts to measure this elusive quantity in bridges 
through dynamic field testing. The purpose of this paper is 
to review, and draw some general conclusions from, the tech
nical literature dealing with bridge dynamics in general and 
dynamic testing of highway bridges in particular. It is noted 
that this paper is a summary of a more detailed report (1). 

DEFINITION OF IMPACT FACTOR 

As long ago as 1931, it was suggested that the impact increment 
of dynamic force be defined as the amount of force, expressed 

B. Bakht, Structures Research Office, Research and Development 
Branch , Ministry of Transportation , 1201 Wilson Avenue, Central 
Building, Downsview, Ontario, Canada M3M 118. S. G. Pinjarkar, 
Raths, Raths and Johnson, Inc., 835 Midway Drive , Willowbrook, 
Illinois 60521. 

as a fraction of the static force, by which the dynamic force 
exceeds the static force (2). Recognizing that the impact incre
ment of dynamic force is not necessarily the same as the impact 
increment of stress, the latter was defined as the amount of 
stress, expressed as a fraction of static stress, by which the 
actual stress as a result of moving loads exceeds the static 
stress . 

Researchers interpreting test data from dynamic load tests 
have often used the term dynamic increment for the same 
quantity that has been defined by Fuller et al. (2) as the impact 
increment of stress or that could have been defined as the 
impact increment of deflection. However, there is no uni
formity in the manner by which this increment is calculated 
from test data. The different ways of calculating the dynamic 
increment can be explained conveniently with the help of 
Figure 1, which has been constructed from data of an actual 
dynamic test with a two-axle vehicle on a right simply sup
ported plate girder bridge (J). This figure shows the variation 
of both the dynamic and static deflections at midspan of a 
girder with respect to time. The dynamic deflections were 
obtained when the test vehicle traveled on the bridge at nor
mal speed, and the static deflections were obtained when the 
vehicle traveled at crawling speed so as not to induce dynamic 
magnification of deflections. Figure 1 also shows the median 
deflections that were obtained by averaging consecutive peaks 
of dynamic deflections. As can be seen in this figure , the 
median deflections are not the same as the static deflections; 
however, a numerical procedure for filtering out the dynamic 
portion of the response can give the median responses that 
are fairly close to the static responses . 

It may be noted that a fictitious scale of deflections has 
been introduced in Figure 1 in order to facilitate the expla
nation regarding the interpolation of the test data. Regarding 
this figure , a notation is now introduced, as follows: 

B""' maximum deflection under the vehicle traveling at 
crawling speed. 

8 dyn maximum deflection under the vehicle traveling at 
normal speed. This deflection is also denoted as 
smax· 
maximum deflection obtained from the curve of 
median deflections. Note that 8""' and a;,., do not 
necessarily take place at the same load location. 
minimum dynamic deflection in the vibration cycle 
containing Bmax · 

static deflection corresponding to 8max· As may be 
seen in Figure 1, 61 is not necessarily the maximum 
static deflection . 
median deflection corresponding to 8max· 
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FIGURE 1 Midspan deflections under a moving vehicle load. 

8; = static deflection at the same location where ~1 is 
recorded. 

~1 maximum difference between dynamic and static 
deflections; as shown in Figure 1, ~ 1 does not nec
essarily take place at the same load position that 
causes either 8stai or 8dyn· 

~2 = maximum difference between dynamic and median 
deflections. 

~3 = difference between dynamic and static deflections 
at the same load location that causes 8stat· 

~4 = difference between dynamic and median deflection 
at the same load location that causes 8;,a,. 

These definitions can be more general if the word deflection 
is replaced by response. 

From the data plotted in Figure 1, the various deflection 
parameters are found to have the following values according 
to the fictitious scale from which units are deliberately omitted 
to maintain generality: 8stat = 10.0; 8dyn = 8max = 12.3; 
8;tat = 9.9; 8min = 6.2; 81 = 9.1; 82 = 9.8; 8; = 6.4; ~L = 
3.2; ~2 = 3.1; ~3 = 2.0; and ~4 = 2.0. 

The various definitions are now described, many of which 
have been used in the past to obtain from the test data the 
dynamic increments, or similar parameters given different 
names. For the sake of convenience, all these different param
eters will henceforth be referred to generically as dynamic 
amplification factors and will be denoted by the symbol /. 

Definition 1 

According to the definition of impact increment of dynamic 
response by Fuller et al. (2), the largest of I would be given 
by 

I= ~/8; (1) 

Using this expression, the deflection data of Figure 1 would 
lead to I = 0.500. It should be noted, however, that this 
method is the result of a hypothetical and impractical extrap
olation of a definition, which, perhaps, was not intended for 

this purpose. This method has not been used to interpret test 
data in any of the references that were studied for this state
of-the-art report. 

Definition 2 

A commonly used variation of Definition 1 is that I is taken 
as the ratio of the measured instantaneous dynamic response 
to the maximum static response. Thus, 

(2) 

This definition of I has been used in the interpretation of data 
from several dynamic tests (e.g., 3-5) and in nearly all ana
lytical studies (e.g., 6-9). According to Definition 2, the value 
of the impact factor obtained from the data given in Figure 
1 is 0.200. 

Definition 3 

When the static deflections are assumed to be the same as 
median deflections, Definition 2 of I changes to 

(3) 

This definition gives I the value of 0.202. It is noted that this 
definition does not seem to have been used by any of the 
references cited in this paper. 

Definition 4 

Definition 4 was used in Switzerland to interpret test data 
from the dynamic bridge tests conducted during 1949 to 1965 
(JO). According to this definition, the dynamic increment I is 
given by 

(4) 
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It is noted that this definition of the dynamic increment was 
abandoned in Switzerland after 1965 in favor of Definition 5 
which follows. However, this definition has been used in New 
Zealand until fairly recently (11,12). 

Definition 5 

According to the fifth definition, which has been used in 
Switzerland for tests conducted before 1945 and after 1965 
(10), the dynamic increment I is given by 

(5) 

Using this definition, the data in Figure 1 give I = 0.255. 

Definition 6 

A variation of Definition 5 would be when the static response 
corresponding to the maximum dynamic response is taken as 
the same as the median response obtained from the dynamic 
test data. In this case, I is given by 

(6) 

leading to a value for I of 0.352. This definition has been 
extensively used to interpret the results of many dynamic tests 
on bridges in Ontario (e .g., 13-16). 

Definition 7 

For interpreting the data from some dynamic tests conducted 
in Ontario (17,18), the following expression was used for 
obtaining /: 

(7) 

For the specific case under consideration, the value of I is 
then found to be 0.242. 
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Definition 8 

If the actual static responses are used instead of median 
responses, the following variation of Equation 7 is obtained: 

(8) 

This definition gives I a value of 0.230 for the data in 
Figure 1. 

COMPARISON OF VARIOUS DEFINITIONS 

Table 1 contains the values of I obtained by the various def
initions from the same set of data. It can be seen in this table 
that the values of I are all different and range from 0.2 to 
0.5. 

In nearly all of the references studied for this paper, there 
is little or no discussion or justification for using a particular 
definition of the dynamic amplification factor. This seems to 
suggest that each of the various definitions was regarded as 
being axiomatic and requiring no justification. Yet the variety 
of results given in Table 1 confirm that the definition of I is 
far from axiomatic. What can be regarded as axiomatic, how
ever, is the definition of the amplification factor for the response 
at a given instant. According to this definition, I= /),./o,, where 
/),. is the difference between the static and dynamic responses 
at the instant under consideration, and os is the corresponding 
static response. 

The axiomatic definition of amplification factor is used, 
justifiably, in all of the analytical studies; it is, however, of 
little use in bridge design because its value changes with time 
and load position. What is required for design purposes is a 
single value of the amplification factor with which maximum 
dynamic response can be computed from the maximum static 
response, so that 

Bdyn = o""' (1 + I) (9) 

The values of odyn obtained by using o,.., of 10.00 and the 
values of I given by the various definitions are also given in 
Table 1. Ideally, the use of the amplification factor according 
to Equation 9 should have returned the same value of odyn 

TABLE 1 VALUES OF DYNAMIC AMPLIFICATION FACTOR I AND COMPUTED 
MAXIMUM DYNAMIC DEFLECTION 

Definition No. 1 2 3 4 5 6 7 8 

Value ofl 0.500 0.200 0.202 0.330 0.255 0.352 0.242 0.230 

Value of 0dyn 

from Eq. (9) 15.00 12.00 12.02 13.33 12.55 13.52 12.42 12.30 

Note: Maximum value of measured dynamic deflection is 12.30. 
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that was measured in the field, that is, 12.30. It can be seen 
in Table 1 that none of the definitions has given the correct 
value of odyn, except Definition 8, the equation for which 
(Equation 8) is, in fact, the same as Equation 9, which gives 
the correct value of odyn· It is interesting to note that the 
apparently logical Definition 8 has not been used in any of 
the references studied for this state-of-the-art study, a com
plete list of which is given in a previous paper by Bakht and 
Pinjarkar (1). 

At a cursory glance, it may seem strange that such a variety 
of definitions emerges from the process of selecting a single 
governing value from the values of I that are obtained by an 
axiomatic definition. A careful scrutiny of the problem will 
readily reveal that the diversity in the definitions of I from 
measured responses is the consequence of the fact that (a) 
the static response of a bridge is not necessarily the same as 
the median response obtained from the dynamic test data and 
(b) the maximum static and dynamic responses do not always 
take place under the same load position (e.g., 3). If the static 
and median responses were identical and the maximum static 
and dynamic responses took place simultaneously, the diver
sity of definitions of I would disappear and Definitions 2 
through 8 would all give the same value of I for a given set 
of data. 

FACTORS RESPONSIBLE FOR MISLEADING 
CONCLUSIONS 

The technical literature reports a fairly large scatter in the 
values of the dynamic amplification factor of a given response:, 
even when the bridge and the vehicle are the same. From 
these observations it can readily be concluded that the dynamic 
amplification factor is not a deterministic quantity. To obtain 
a single value of this factor for design purposes, it is necessary, 
as is shown later in the paper, to know the statistical properties 
of the scatter of data, in particular the mean and variance of 
the amplification factor. The various parameters that can 
influence the statistical properties of the amplification factors 
computed from the test data are discussed in the following 
subsections. If not accounted for carefully, these parameters 
can influence misleadingly the way in which the measured 
data are interpreted. 

Vehicle Type 

It is already known that the dynamic amplification factor for 
a bridge is influenced significantly by the dynamic character
istics of the vehicle with respect to those of the bridge. Despite 
this fact, most dynamic tests on bridges have been conducted 
with specific test vehicles. The data from such tests cannot, 
for obvious reasons, be regarded as representative of actual 
conditions. The amplification factors obtained from tests with 
only specific test vehicles can provide only a qualitative insight 
into the problem of bridge dynamics. They should not be used 
to obtain the final single value of the impact factor that is to 
be used in calculations for design or evaluation. A repre
sentative value of the impact factor can be calculated realis
tically only when data are gathered under normal traffic and 
over relatively long periods of time. 
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Vehicle Weight 

Several researchers h1:ive concluded from observed data that 
the dynamic amplification factor resulting from a vehicle 
decreases with the increase of vehicle weight (e.g., 2, 11, 12, 
17). It can be appreciated, in light of this information, that 
the amplification factors corresponding to lightly loaded vehi
cles, which are irrelevant to the design load effects, are likely 
to weigh the data unduly on the higher side. The data cor
responding to lightly loaded vehicles should not be used at 
all in the calculation of the impact factor, unless, of course, 
the impact factor is sought specifically for lighter vehicles, as 
it may be for the evaluation of the load carrying capacity of 
existing substandard bridges. 

Vehicle Position with Respect to Reference Point 

The cross section of a three-lane slab-on-girder bridge is shown 
in Figure 2. The bridge has five girders, all of which are 
instrumented for dynamic response measurement; it carries 
a vehicle in the far right-hand lane so that Girders 4 and 5 
carry the vehicle load directly. In this case, Girders 1 and 2, 
being remote from the applied load, will carry a very small 
portion of the static load. Yet the dynamic amplification of 
the small portion of the static load carried by these two girders 
is likely to be fairly large. It has been observed by several 
researchers that the dynamic amplification factor at a refer
ence point well away from the load can be larger than that 
for a reference point directly under the load. Clearly, the 
former amplification factor has no relevance as far as the 
maximum static load effects are concerned at the cross section 
of a bridge. 

A parameter, ex, is used by Cantieni (10) to define the 
relative position of the vehicle with respect to that of the 
reference point; this parameter is defined by 

D 
a = _H_+_ l -.2-5 (10) 

where Dis the distance (in meters) in the transverse direction 
between the reference point and the nearest line of wheels, 
H is the depth of construction of the bridge (also in meters) 
at the instrumented cross section, and the number 1.25 in the 
denominator is the half-width of the vehicle in meters. When 
ex is less than 1.0, the reference point is assumed to lie within 
the direct influence zone, in which case the dynamic test data 
are considered to be relevant. In a case when ex is greater 
than 1.0, the data are ignored, being of no consequence. 

l~I Lane Width 

:• (t~~ica l) •: 
r ·1 

I I I I I 
2 3 4 5 

FIGURE 2 Cross section of a three-lane bridge. 
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FIGURE 3 Definition of the zone of direct influence (10) . 

Figure 3 identifies the zone of direct influence defined by 
Cantieni (JO). It can be seen that this zone is obtained simply 
by drawing 45 degree lines on the bridge cross section from 
the outer line of wheels of the test vehicle . This limit on the 
zone of influence cannot be regarded as being applicable to 
all bridges because it does not take into account the transverse 
load distribution characteristics of the bridge. It may be more 
appropriate to take into consideration only the data from that 
reference point at which the static load response is the max
imum aero~~ the cross section 

The statistical properties of the dynamic amplification fac
tor, computed from the test data, can be regarded as realistic 
only if the extraneous data from outside the zone of influence 
are excluded from consideration. It is surprising that the attempt 
to exclude such extraneous data has been explicitly mentioned 
in only a few of the references reviewed for the study at hand . 

Deflection Versus Strain Measurements 

The response of a bridge in dynamic tests is conventionally 
measured by means of vertical deflections. The measurement 
of strains is resorted to only when the measurement of deflec
tions is found to be difficult (e.g., 19, 20). The dynamic ampli
fication factors obtained by both approaches are assumed to 
be applicable with equal validity to all responses including 
deflections, bending moments, and shear forces. Strictly 
speaking, the practice of regarding the amplification factors 
as being applicable for other responses is not correct. It has 
been demonstrated convincingly by the AASHO test ( 4) that , 
under similar conditions, the dynamic amplification factors 
computed from measured deflections are always greater than 
the corresponding factors computed from measured strains. 
The same conclusion has also been reached by others (e .g., 
18) . 

Bearing Restraint Effects 

With the exception of AASHO tests (4), the measured fre
quencies of tested bridges were nearly always found to be 
much greater than the calculated frequencies . This observa
tion leads to the conclusion that the flexural stiffness of bridges 

is nearly always greater than the calculated stiffness . The 
reason for this apparent discrepancy has been attributed, 
wrongly, in many of the references to (a) a very high modulus 
of elasticity of concrete; (b) interaction with the main com
ponents of secondary components such as horizontal bracings 
and barrier walls; and ( c) the presence of a high degree of 
composite action between the girders and deck slab , even 
when they do not have any mechanical shear connection 
between them. 

Unintentional composite action in an apparently non
composite bridge can also not always be regarded as a major 
factor to stiffen the bridge. This is so because even those slab
on-girder bridges, which have mechanical shear connectors 
between the deck slabs and girders and in which full composite 
action has been considered in the calculations, have been 
found stiffer than shown by calculations . 

The effective flexural rigidity of the tested bridges by using 
both the measured midspan static load deflections and the 
measured frequencies were calculated by Biggs and Suer (3). 
When it was found that the two procedures gave different 
flexural rigidities, it was concluded that, "although this cannot 
be completely explained, it is possible that the causes are a 
greater participation of secondary elements and a greater degree 
of frictional restraint at the ends of the span." This is, perhaps, 
the first time in recent literature that attention has been paid 
to the presence of bearing restraint effects as being the pos
sible cause of bridges being stiffer than shown by calculations. 
Recent tests have confirmed that fairly large bearing restraint 
forces develop in slab-on-girder bridges at the interfaces of 
girders and the surfaces they rest on (21-23). These large 
bearing restraint forces have been found to stiffen the bridges 
appreciably. 

The observed frequencies of composite steel and pre
stressed concrete bridges tested in the AASHO study ( 4) were 
in good agreement with the calculated values that were obtained 
by using the measured cross sections and other properties of 
the actual bridges. It is noted that, in these bridges , the girders 
were supported by rocker-type bearings, which prevented the 
development of substantial bearing restraint forces . 

The presence of bearing restraint forces induces compres
sive strains in the bottom flanges of the girders; consequently, 
the girder strains do not remain directly proportional to the 
girder moments. In such cases it is doubtful whether dynamic 
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amplification factors obtained from girder strains can apply 
exactly to girder moments. The inclusion of bearing restraint 
forces in the interpretation of measured dynamic strains is 
still not a practical proposition. This problem, however, still 
needs a careful study. 

MISCELLANEOUS OBSERVATIONS 

Quality of the Riding Surface 

It is mentioned in nearly every reference dealing with bridge 
dynamics that the roughness of the riding surface of a bridge 
and its approaches has a significant influence on the dynamic 
magnification of load effects in the bridge. It is usual in dynamic 
bridge tests to account for the riding surface irregularities by 
placing a wooden plank of appropriate thickness in the path 
of the test vehicle. As might be expected, the dynamic ampli
fication factors corresponding to such tests are always larger 
than those that correspond to similar tests without the wooden 
plank. 

The practice of performing dynamic tests by creating a 
temporary irregularity in the riding surface of even well
maintained bridges has been defended on the basis that even 
a well-maintained bridge can have a sudden irregularity intro
duced in the riding surface, for example, as a result of an 
object being dropped accidentally from a vehicle or the accu
mulation of packed snow. It should be noted, however, that 
in bridges with more than one lane, the design loading for 
failure almost invariably corresponds to the rare event of 
exceptionally heavy vehicles being simultaneously present in 
two or more lanes of the bridge. The probability of such a 
rare event happening, at the same time as the formation of 
an accidental irregularity in the riding surface of an otherwise 
well-maintained bridge, is indeed so small as to be negligible . 

The commentary to the second edition of the Ontario Code 
(24) suggests that a high value of the dynamic load allowance 
should be used if the approach is likely to remain unpaved 
for extended periods of time, or if the expansion joints between 
the superstructure and approach pavements are not expected 
to be flush with the roadway. Taking a cue from this sugges
tion, it may be appropriate to test such bridges by placing a 
plank in the path of the test vehicle. For well-maintained 
bridges, on the other hand, there does not seem to be any 
justification for adopting this approach. 

Multilane Loading 

It has been observed in many references that the dynamic 
amplification factor for more than one vehicle is always less 
than that for a single vehicle, and the out-of-phase dynamic 
actions of the various vehicles are usually cited as the reason 
for this phenomenon. It seems appropriate that the value of 
the impact factor should decrease with the increase in the 
number of loaded lanes. The commentary to the Ontario Code 
in its first edition (25) specified a separate set of multi presence 
reduction factors for the dynamic load allowance (DLA). These 
factors were much smaller than the corresponding factors for 
static loading. The separate reduction factors for DLA were 
abandoned in favor of the same factors for both the static 
loading and DLA in the second edition of the Code. It has 
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been shown by Jaeger and Bakht (26) that the multipresence 
factor for combined static and dynamic loading, m1, is approx
imately given by 

m _ mrs + mr" DLA 
1 - 1 + DLA (11) 

where m1, and m1" are the multipresence reduction factors for 
static and dynamic loadings, respectively. 

RECOMMENDED PROCEDURE 

From a survey of the technical literature dealing with dynamic 
testing of highway bridges, a preferred procedure emerges 
naturally for obtaining, through a test, a representative value 
of the impact factor for single vehicles that can be used real
istically in the load capacity evaluation of an existing bridge. 
The various steps involved in this preferred and recommended 
procedure are given in the following subsections. 

Instrumentation 

For obtaining the dynamic amplification factors for longitu
dinal moments, it is preferable to measure strains rather than 
deflections. In slab-on-girder bridges, strains can be measured 
conveniently at the bottom flanges of the girders, even if the 
girders are of concrete, in which case special strain gauges or 
strain transducers may have to be used. Care should be exer
cised in selecting a crack-free zone for instrumentation of 
concrete components. 

Calibration Test 

It is desirable to perform both static and dynamic tests on the 
bridge with vehicles of known weights and configurations. The 
static test can be performed either under a stationary vehicle 
positioned at preselected locations or under a vehicle moving 
at crawling speed of less than about 10 km/hr. If the latter 
procedure is adopted, it may still be necessary to filter out 
the dynamic responses in order to obtain the static load 
responses. However, in this case the filtered responses can 
be expected to be very close indeed to the actual static load 
responses. 

Elimination of Extraneous Data 

At a given instrumented cross section, the data corresponding 
to only a single reference point should be considered when 
computing the dynamic magnification factor resulting from a 
vehicle pass on the bridge. This reference point should be the 
one at which the maximum static, or median, value of the 
response is recorded for the vehicle pass under consideration. 

As discussed earlier, the dynamic amplification factors cor
responding to light vehicles , being relatively on the high side, 
tend to bias the data. It is, therefore, necessary that the data 
considered for developing the statistics of the dynamic ampli
fication factor correspond to the weight class of the design or 
evaluation vehicle. This can be achieved as follows. 
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The maximum response at a reference point resulting from 
the design or evaluation vehicle can be readily obtained by 
extrapolation of the data obtained from the calibration tests. 
Let this maximum response be denoted as E. As shown in 
Figure 4, the observed maximum static load response can be 
divided into a number of strata , with each stratum repre
senting the vehicles of a certain class of weight that relates to 
the load effects in the bridge rather than the gross vehicle 
weight. It is recommended that the observed data from the 
dynamic test should be divided into various gr ups, depending 
upon the division of the maximum static load effects, of the 
kind shown in Figure 4. For example, the dynamic amplifi
cation factors corresponding to the design or evaluation vehi
cle should be obtained only from that data for which 5;,a, lies 
within 0.9E and l.lE. 

Method for Obtaining Dynamic Amplification 
Factor 

From a purely logical standpoint, the appropriate definition 
for computing the dynamic amplification factor from mea
sured responses would appear to be Definition 5, described 
earlier. However , this definition requires that a bridge be 
tested under the same vehicle separately for both dynamic 
and static effects . Such a requirement is obviously not realistic 

Bstatic 

1.2 E Vehicles Corresponding to 1.2 x Design Vehicle 

E Vehicle Corresponding to Design Vehicle 

0.8 E Vehicles Corresponding to 0.8 x Design Vehicle 

0.6 E Vehicles Corresponding to 0.6 x Design Vehicle 

0 

FIGURE 4 Scheme for classifying vehicles. 
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when data are being collected under normal traffic. In such 
a case, it is suggested that the next best definition is Definition 
7. This definition can give fairl y reliable results, e pecially if 
it is found from the calibra1ion test that the maximum static 
load response o., , is clo ·e in magnitude to the corresponding 
maximum median response 5;,a•· The case in which the two 
maximum responses are significantly different from each other 
is rather rare. For such bridges, Definition 7 can still be used 
but only after making appropriate adjustments for the dif
ference between 5,.a, and 5;,.,. 

It i noted that when a vehicle i longer than the length of 
the influence line of the instrumented component, the static 
response at a reference point resulting from the moving vehi
cle may not be smooth , that is, it may have "static oscilla
tions. ' For such cases, the obtaining of the median responses 
by automatic filtering is made especially difficult when the 
period f tatic oscillations matches with the period of dynamic 
oscillation . 

Calculation of Impact Factor 

The term impact factor is used here to denote that single value 
of the dynamic amplification that is used in the calculations 
for the design or evaluation of the bridge. It is noted that, as 
mentioned earlier, the impact factor is also referred to as the 
dynamic load allowance . 

Simply because of the scatter in their values, the dynamic 
amplification factors computed from the dynamic test data 
cannot be used directly as the impact factor. Neither should 
an upper-bound value of the amplification factor be used as 
the impact factor , because this is likely to prove overly con
servative. A logical approach to computing a representative 
value of the impact factor from the test data would be to cater 
for the variability of the amplification factor in the same way 
as is done for the variability of the static loads. One procedure 
proposed in the commentary to the second edition of the 
Ontario Code (24) and reported by Billing (17) can be used 
to achieve this goal. According to this procedure, the specified 
value of the impact factor, I ,, depends not only on the statistics 
of the amplification factor but also on the live load factor 
specified in the Code and the safety margin to which the Code 
is calibrated. The expression for obtaining I , is as follows: 

1 
= I (l + vsp) 

s O'. ,_ 
(13) 

where 

1 = mean value of the dynamic amplification factor, 
v = coefficient of variation of the dynamic amplification 

factor, that is, the ratio of standard deviation and 
mean , 

s - the separation factor for dynamic loading, which has 
been found to have a value of 0.57, 

13 the safety index, which typically has a value of about 
3.5 for highway bridges, and 

cxL = the live load factor. 

It is noted that when the distribution of mean largest vehicle 
weights is log normal, it may be more appropriate to use the 
following expression for obtaining the specified value of this 
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impact factor: 

(14) 

The use of the live load factor in Equations 13 and 14 
requires som discus io,n. The use of the live load factor in 
determining Lhe specified value of the impact factor is open 
to question, as the live l ad factor alone does not define the 
variability of the static 1 ads. This variability is accoun ted for 
by both the live load factor and the specified static loads. For 
example, it is possible to get the same live load effects by 
simultaneously doubling the live load factor and halving the 
·pecified static loads. In this case, the specified value of the 
impact factor would be reduced incorrectly if Equations 13 
and 14 were used. 

Ideally, 0.1_,, in Equations 13 and 14, should account for the 
variability of static loads, rather than being equal to the live 
load factor. It is recommended that, in the absence of more 
rigorous analysis, the value of 0.1_, should be taken as 1.4, which 
is also the live load factor as specified in the Ontario Code 
(24). Using the numerical values of the various variables, 
Equations 13 and 14 can be written as 

I, = 0.71 I (1 + 2.0v) 

I, = 0.71 I e2·0 v 

(15) 

(16) 

It should be noted that for j and v to be representative of 
actual conditions, there should be a sufficient number of val
ues of the amplification factor obtained from the test data. 

CONCLUSIONS 

From a survey of the technical literature dealing with the 
dynamic testing of highway bridges, it has been found that 
there is a general lack of consistency in the manner in which 
the test data are interpreted to obtain the values of the dynamic 
amplification factor. A preferred method of calculating these 
factors has been proposed. It has been shown that the impact 
factor is not a tangible entity susceptible to deterministic eval
uation; it can be accounted for in the design and evaluation 
of bridges only by a probabilistic approach. Despite being 
obtained from field data by a preferred procedure, the impact 
factor still remains an abstract entity that should, in general, 
be treated only as a design convenience. A recommended 
procedure for obta ining a design value of the impact factor 
by testing a highway bridge under dynamic l.oads has been 
developed. 
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Evaluation of Bridge Vibration 
Through Field Measurement of 
Strains 

BEN T. YEN AND LEON L. y. LAI 

The dynamic characteristics of girder bridges can be evaluated 
from measured live load strains in girders resulting from regular 
truck traffic. The evaluation includes the determination of the 
dominant vibrational modes and the corresponding damping ratios. 
Results from a single-span and a three-span skewed bridge show 
that both are dominated by a flexure mode of vibration with a 
damping ratio of about 2 percent. A beam model is used to simulate 
the dynamic response of the single-span bridge to a test truck. The 
results compared well with the measured stresses. 

Bridges are subjected to vehicular loads that generate dynamic 
forces and corresponding deflection and stresses in the bridge 
components. These dynamic effects are incorporated in bridge 
design through using the well-known impact factor (1). An 
increase of static live load stresses by the impact factor pro
vides a simple method of estimating maximum stresses result
ing from moving vehicles traversing the bridges. 

ln recent years a large number of bridges have been found 
to have incurred damages that are attributed to impact and 
fatigue. Obviously, the increase of vehicular weights and traffic 
volumes in the last 2 to 3 decades has contributed to these 
damages. On the other hand, the advance in technique of 
design resulting in more "efficient" bridge structures could 
have also introduced relatively more serious vibrations of the 
bridges and caused the damages. 

Vibration of bridges causes cyclic stresses in bridge com
ponents and connections. The cyclic stress is one of the gov
erning factors of fatigue damage (2 ,3). Current design rules 
for highway bridges imply that each vehicle generates one 
maximum stress cycle and specify the design cycles according 
to traffic volume (1,3). These assumptions provide simple 
rules for design of bridges. For the evaluation of actual bridge 
response to truck loads and of possible fatigue damages, the 
examination of vibration of bridges in question is necessary . 

Evaluation of bridge dynamic characteristics has been pur
sued by many bridge engineers and researchers. The study 
reported herein attempts to derive an approach for estimating 
from measured strains the essential characteristics of vibration 
as one step for evaluation of fatigue damages. 

B. T. Yen, Department of Civil Engineering, Fritz Engineering Lab
oratory #13, Lehigh University, Bethlehem, Pa . 18015. L. L. Y. Lai, 
Alfred Benesch & Company, 474 North Centre Street, Pottsville, Pa. 
17901. 

EVALUATION OF DYNAMIC 
CHARACTERISTICS 

Vibrational Frequencies, Modes, and Damping 

A bridge deflects under load and sustains strains at all of its 
components. The "static" strain at a point of the bridge as a 
function of time can be estimated by using influence lines. 
Trucks traverse a bridge at high speed generating vibration 
of the bridge and cyclic stresses at all points. Figure 1 is a 
schematic of stress-time relationship for the bottom flange of 
a girder. The cyclic stresses occur at a specific frequency cor
responding to the nature of the bridge and truck condition. 
An example of measured strain-time record is shown in Figure 
2. After departure of the truck, vibration gradually damped 
out. 

For a given position of a truck on a bridge, the static deflec
tion shape of the bridge can be computed by analyzing the 
total bridge structure. With moving trucks, the deflection shape 
changes with time. Classical dynamic analysis employs the 
technique that the dynamic deflection shape at any time is 
the summation of a number of characteristic shapes with dif
ferent amplitudes at that time ( 4,5). The characteristic shapes 
correspond to vibrational modes, each of which has a fre
quency of repeated vibration and a damping characteristic. 
Figures 3 and 4 show schematically "flexure" and "torsional" 
modal shapes of vibration. 
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FIGURE 2 Example of strain-time record. 

The prevalent method of evaluating bridge vibration include 
the application of bridg v.ibratio.nal forces to determine the 
modal frequencies and damping ratio , measurement of vari
ation o( acceleration with rime and determination f dominant 
frcquencie through modern computational techniques, and 
finite element analysis of the bridge t compute the modal 
deflection ·hape and corresp nding l'rcquencie . Th primary 
application appears to be for the assurance that the charac
teristic [requencies do not correspond to dominant peed of 
the vehicles on the bridge· thus , no re onance would be induced. 

Strains and Displacements 

For the purpo e of eva luation of bridge behavior and fatigue 
damages, a comprehen ive evaluation of bridge vibration is 
necessary. Becau e measurement f train· and displacements 
is more familiar and prov.ides more direct information t bridge 
engineers tor anaJy i than the measurement of acceleration 
at bridge component , either djsplacements or strain will b 
chosen as the basic data for analysi . In actual c%e , mea
surement of deflection i u ually more difficuh than mea
surement of strains. Furthermore, the measurement of strains 
at specific locations of bridges has been more widely used in 
recent years. Strain data are chosen for this study. 
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Within the common load ran )e of bridge. , the relation hip 
between displacement at a point und the corresponding train 
at that point is !in ar (4- 6). Thi linear relationship is evi
dently illustrated by the strain-time anti deflection-time data 
shown in Figure 5, obtained from a strain gauge and a deflec
tion gauge on the bottom flange at midspan of a girder bridge. 
Consequently, the classical method of modal superpo ition of 
displacements can be directly applied to strains. In other words, 
computational techniques of data analysis can be applied to 
di placement as well as to strains. 

Use of FFT 

A widely used technique for the determination of frequencies 
and corresponding damping ratios of random vibrations is the 
use of Fa t Fourier Transformation ( FT) (4,5). By repre
senting the mea ured strain-time data a, the sum of contri
butions fr m all the ' 'ibrational modes and analyzing the data 
through time intervals, the dominant frequencies are deter
mined. The output of this analysis is commonly presented in 
the form of a power spectrum, which is a diagram depicting 
the dominant frequencies. 

As an example, a portion of the strain-time record of Figure 
5 is analyzed. The portion of record chosen is that of "free" 
or "residual" vibration after the passage of the truck. The 
results of analysis are shown in Figure 6. For this case, the 
dominant vibrational frequency was 4.92 cycles per second 
(4 .92 Hz) with a damping ratio f 1.92 percent. Th re were 
al min r contributions from frequencie of 10.94 Hz and 
15.86 Hz. To confirm these results, the corresponding dis
placement data of Figure 5 are also analyzed using the same 
procedure. Th resulting power spectrum is also shown in 
Figure 6. The results are practically identical to those from 
tbe train records. 

Having demonstrated that evaluation of dynamic charac
teristic can be made through the analysis f strain data, the 
application of the procedure to two bridges is described in 
the following sections. 

FIGURE 3 Deflection shape of fundamental flexural mode. 
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FIGURE 4 Deflection shapes or higher vibrational modes. 
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FIGURE 5 Typical deflection and strain data of girder. 

VIBRATION OF TWO BRIDGES 

Simple-Span Multigirder Bridge 

A simple-span, five-girder right-angle (no skew) steel highway 
bridge was monitored for strains at the bottom flange of a 
girder and for vertical deflection of the same girder. The span 
length is 84 ft 10 in., the riveted girders are 8 ft apart, and 
the deck width is 32.5 ft curb to curb for two traffic lanes. 
The 8.5-in. deck is composite with the riveted girders. 

An example of the measured strain-time data and the cor
responding deflection-time records are those shown in Figure 
5. The results of analyzing these data using the FFT approach 
are given in Figure 6, as power spectra from deflections and 
strains. The dominant vibrational frequency was 4.92 Hz. 
These results were presented in the last section as the basis 
for the approach. 

The strain and deflection data were analyzed at the same 
point on a bottom flange from 21 random trucks which trav
eled over the bridge. Again, only the free vibration portion, 
when the trucks have moved away from the bridge, were used. 
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FIGURE 6 Power spectrum of deflection and strain. 

The resulting power spectra are placed in a line in Figure 7. 
For all cases, the dominant vibrational frequency was about 
4.92 Hz, either from the strain data or the deflection record. 

This condition that the simple-span bridge vibrates only in 
one mode provides strong possibility for the evaluation of 
bridge behavior. (An earlier examination of measured data 
from a simple-span prestressed concrete bridge also showed 
that the bridge vibrates predominantly in one mode.) To explore 
this condition further, the bridge was analyzed using the finite 
element method for modal shapes and frequencies. The com
puted natural frequencies of the first 10 modes are listed in 
Table 1. Also listed in the table are the results of analyzing 
the recorded strain data of Figure 5. The computed funda
mental (lowest) natural frequency is 5.32 Hz compared to the 
value of 4.92 Hz from strain data. The detectable contributing 
frequencies of 10.94 Hz and 15.86 Hz correspond to the fourth 
and fifth natural mode. The contribution of these two higher 
modes is so small, as indicated by the power spectra of Figures 
6 and 7, that the bridge practically vibrates only in the lowest 
natural mode. 

For visual impression, the computed vibrational shape of 
the lowest mode is shown in Figure 3, and those of fourth 
and fifth modes are sketched in Figure 4. It is the shape of 
the lowest natural mode that is corresponding to the custom
ary static deflection shape of the bridge, the shape that engi
neers envision during design. 
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FIGURE 7 Power spectra from data of 21 trucks. 

'"" z 
........ z 

0 
a:: 
u 
~ 
'-' 

z 
<{ 
a:: 
f-
<J') 

0 
0 

0 
0 
r-

0 
0 
f'() 

0 
0 

TRANSPORTATION RESEARCH RECORD 1223 

TABLE 1 COMPUTED AND MEASURED NATURAL 
FREQUENCIES 

Finite Element Method 
Natural Frequency 

(Hz) 

5.3244 

7.0033 

9.4497 

11.1330 

16.3426 

17.4229 

18.6485 

21. 6410 

22.2794 

24.2604 

Natural Frequency 
From Strain Data 

(Hz) 

4.922 

10.9375 

15.8594 

..-
I 0. 1.46 2.92 4.38 5.83 7.29 8.75 

TIME CSEC) 

FIGURE 8 Strain record of a truck. 

The use of this condition of vibration in a single mode will 
be made later. 

Three-Span, Skewed, Continuous Bridge 

The second bridge studied is a three-span continuous bridge 
with six steel girders. The spans are 48.75 ft, 175.0 ft, and 
48. 75 ft long. The rolled girders are equally spaced at a dis
tance of 5 ft 10.5 in. The deck has a width of 30 ft, curb to 
curb, and is not constructed compositely with the girders. 
There are two traffic lanes. The bridge is skewed, at 77 degrees. 
Transducers for strain measurement were mounted on a girder 
in one of the side spans. No deflection measurement was 
made. 

Figure 8 shows an example of strain-time records from the 
transducer. Live load stress reversal is evident, in full agree-

ment with the condit10n of continuous spans. The vibrational 
characteristics of this and three other records were analyzed 
by the FFT approach. The resulting power spectra are shown 
in Figure 9. 

Examination of the spectra reveals that, similar to the simple
span bridge, this three-span bridge also vibrates predomi
nantly in one mode. The frequency of vibration is 5.47 Hz. 
The corresponding damping ratio is 2.3 percent. 

Finite element analysis was conducted on this three-span 
bridge with a skew. A model assuming full composite action 
was analyzed, which provided a lowest natural frequency of 
5.96 Hz. That the frequency of vibration by strain data is 
slightly lower than that by computation is in agreement with 
the results of the simple-span bridge analyzed earlier. This 
condition strengthens the belief that the procedure of this 
study for determining vibrational characteristics can be applied 
to most bridges, simple or continuous span. 
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FIGURE 9 Power spectra corresponding to four trucks. 

FIGURE 10 Vibrational shape of a three-span bridge, lowest 
mode. 

The computed vibrational shape of the bridge without skew 
and corresponding to the lowest mode is shown in Figure 10, 
in two views. Again, for this bridge, bending appears to 
dominate. 

EVALUATION OF BRIDGE BEHAVIOR 

With the vibrational characteristics of a bridge determined 
from measured strains, the dominant vibrational modes and 
the corresponding damping ratios are known. For the two 
bridges studied, each vibrates in a flexural, fundamental mode. 
This condition suggests that each bridge can be modeled as 
an equivalent beam with a known frequency and damping. 

The dynamic behavior of a beam subjected to moving truck 
loads and vibrating in known modes can be evaluated using 
traditional methods of dynamic analysis ( 4-6). The governing 
factors include the configuration, speed, and vibrational char
acteristics of the trucks; the headway between trucks; and the 
condition of the approach to the bridge. Except for the last, 
all factors are related to the traffic. These factors can be 
classified and grouped, in fact standardized as HS20 or lane 
loading (J), for the purpose of designing the bridges. These 
factors, however, must be examined case by case in order to 
evaluate the behavior of each bridge. For the simple-span 
bridge studied, strain measurements were made in conjunc
tion with an earlier research on weigh-in-motion technology 
(7). The vehicular properties and the speed of a truck that 
generated the strain-time data were measured fairly accu
rately. A procedure is being developed to compute the stress 
variation at a point on a girder as the truck traverses the 
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bridge, as a case study (8). In this computation, the truck is 
considered as rigid body masses with known vibrational char
acteristics. A schematic of the truck is shown in Figure 11. 
The bridge is considered as a beam with its frequency of 
vibration and damping ratio determined from the measured 
strain data. After the stress-time relationship of the equivalent 
beam is computed, the stress-time variation at the girder of 
consideration is estimated through proportioning the responses 
among the girders. The results are given in Figure 12. 

In Figure 12, the solid line represents the computed vari
ation of stress as the truck traveled on the bridge. The dashed 
line is from actual measurement of strains. The agreement 
between the computed and measured stresses is good both in 
magnitude and in fluctuation of stress. 

This good agreement, of course, is because the character
istics of both the bridge and the truck are obtained by mea
surement. The important points, however, are that the bridge 
vibrational characteristics can be evaluated from measured 
strains and that the stress-time variation at a point of the 
bridge can be computed quite accurately. Extension of this 
approach is being attempted to estimate the number of stress 
range cycles resulting from average daily truck traffic for the 
purpose of fatigue life evaluation. 

TRAILER 
TRACTOR 

M: MASS 

I : PITCHING INERTIA 

FIGURE 11 Schematic of a truck for analysis of bridge. 
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. 0 .4 .8 1.2 1.6 2 . 0 2 . 4 

TIME (SEC) 

FIGURE 12 Computed and measured stress variation. 
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SUMMARY AND CONCLUSIONS 

The following summary and conclusions can be drawn from 
the results of this study. 

• Vibrational characteristics of bridges, that is, frequencies 
and damping ratios, can be derived from measured strain
time data of the bridges. Strains are relatively easier to mea
sure than deflection and are more familiar than acceleration 
to engineers. 

• Strain data from trucks of regular traffic can be used for 
evaluation. 

• Results from a single-span bridge and a three-span con
tinuous bridge show that bridges appear to vibrate predom
inantly in one frequency. 

• Analysis of these bridges indicates that the dominant fre
quency corresponds to the fundamental mode of vibration. 
The fundamental mode shape is analogous to the static deflec
tion shape envisioned in bridge design. 

• When the axle spacing, weight, and speed of the truck 
that generates the measured strain data are known, the stress
time variation at points of the bridge can be computed with 
good accuracy. 

• Extension of this work is recommended for the purpose 
of estimating the number of stress cycles resulting from trucks 
on bridges. 
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Structural Applications of Composite 
Materials to Highway Tunnels 

CHARLES E. KAEMPEN 

Highway tunnels constructed of concrete enclosed by a double
wall tubular composite structure are shown to be economically 
feasible and merit serious attention by planners of advanced trans
portation methods that must contend with water crossings. Mod
ern techniques for mechanically coupling and sealing tubular com
posite structures are shown to now enable composite materials to 
compete with welded steel joints in strength and long-term service. 
Engineering properties and commercial applications of the new 
class of twined-strand unidirected composite materials are pre
sented along with cost and performance comparisons between com
posites and identical pipe and tank structures made of steel. A 
detailed engineering solution to the problem of providing an 
affordable fixed transportation link between Europe and Africa 
across the Strait of Gibraltar is presented. This example shows 
how structural composites can be used with concrete to fabricate 
the type of highway tunnel envisioned as an inevitable adjunct to 
conventional approaches used to solve current and future trans
portation problems. 

Unidirected twined-strand composites comprise a new class 
of composite materials that are less expensive to fabricate into 
highway tunnel structures than equivalent strength structures 
made of carbon steel. Modern techniques for mechanically 
coupling and sealing tubular composite structures now enable 
composite materials to compete with welded steel joints in 
strength and long-term service. Tubular double-wall com
posite structures now provide an alternate method of forming 
and reinforcing concrete highway tunnels and culverts. Com
bining the exceptional tensile strength and corrosion resist
ance of unidirected composite material with the compressive 
strength and formability of concrete provides a new approach 
to the construction and installation of future highway tunnels. 

CHARACTERISTICS OF COMMERCIAL 
COMPOSITES 

There is a continuing trend among engineers, architects, and 
developers to replace steel structures with structures made 
from commercial composite material. One of the principal 
reasons is that structures made from commercial composite 
material do not deteriorate from weathering or corrosion and 
thus require less maintenance. Another reason is that they 
are safer and less expensive to transport and install because 
of their lower weight. Unlike steel, commercial composite 
materials will not experience failure because of structural fatigue 
caused by repeated flexure under stress. 

Commercial composite materials are fracture resistant and 
have incredible energy-absorbing characteristics. Commercial 

Kaempen & Associates, Consulting Engineers, 3202 Larkstone Drive, 
Orange, Calif. 92669. 

composites are 100 times more thermally insulative than steel 
and thus are a safer structural material because they do not 
weaken as rapidly when exposed to fire. Today, special inex
pensive inorganic polymers can be employed as the glass
filament impregnating matrix to provide noncombustible 
commercial composites that can remain structurally compe
tent when exposed for extended durations to temperatures as 
high as 2,000°F. These new noncombustible high-temperature 
structural composites do not produce toxic smoke or gases 
when exposed to fire. Commercial composites are also elec
trically insulative and can be made to be either translucent 
or opaque. Commercial composites are the most versatile 
structural material available. 

The term commercial composites is used to refer to unidi
rected high-strength composites made from continuous strands 
of glass fiber and to distinguish them from aerospace com
posites, which are unidirected composites made from carbon 
or aramid fibers. Aerospace composites, such as those used 
by Burt Rutan to build the Voyager aircraft, which flew non
stop around the world, cost at least 10 times more than com
mercial composites having the same weight. Aerospace com
posites can be as stiff as steel while having a density lower 
than magnesium. Both aerospace composites and commercial 
composites are several times stronger than steel. 

The recent development of twined-strand composites has 
now made it possible to make composite couplers that can 
mechanically join commercial composites so that the joint 
strength at least equals the maximum tensile strength of the 
composite laminar structure being connected. Figure 1 sum
marizes the result of ASTM Procedure A cyclic pressure tests 
(ASTM D2992) performed on specimens of reinforced ther
mosetting resin pipe (RTRP) made from twined-strand com
posite material. These tests demonstrate that the hydrostatic 
design basis strength (HDBS) of the twined strand composite 
material exceeds 60,000 lb/sq in., a value approximately three 
times higher than the maximum allowable design strength of 
steels used to make pipe conforming to the ASME B31.3 code 
for pressure piping. 

CHARACTERISTICS OF TWINED-STRAND 
COMPOSITES 

Twined-strand composites are a new class of unidirected com
posites that comprise helically twisted strands of continuous 
filament reinforcement. Figure 2 illustrates the composite twine 
structure disclosed in recent U.S. and world patents awarded 
to the author (U.S. Patent Nos. 4,680,923 and 4,740,422). 
Figure 3 illustrates the construction of a high-strength 
mechanical coupler made from twined-strand composites. 
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FIGURE 1 Plot of stress versus cycles resulting from ASTM D2992 cyclic 
tests of composite pipe made from twined strands of glass fiber. 

FIGURE 2 Enlarged view of unidirected twined·strand composite structure 
defined by sine wave frequency of strand twining. 
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FIGURE 3 Exploded view of a high·strength composite coupler and seal 
assembly. 
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Tubular-shaped twined-strand composite structures take less 
time to manufacture than tubular composite structures made 
by conventional filament winding processes. This is one rea
son twined-strand composite structures are less expensive to 
manufacture than other composite structures. In addition to 
providing a superior method of being structurally connected, 
twined-strand composites are also stiffer than conventional 
multi-ply composite laminates. 

Tubular structures made from twined composite material 
may comprise as few as two plies: an inner ply of circumfer
entially oriented twines (CIRC) surmounted by an outer ply 
of longitudinally oriented twines (LONGO). The inner ply of 
CIRC twines is primarily employed to resist the radially directed 
hoop stresses produced by pressure or compressive loads. The 
outer ply of LONGO twines is primarily employed to resist 
longitudinally directed tensile and compressive stresses such 
as those produced by bending or pulling. The outer ply com
posite twine structure is configured as a flared-end laminate 
that comprises the flanged-end portion of a tubular composite 
structure, which can be mechanically connected by a com
posite coupler assembly. 

Figure 4 illustrates composite pressure pipe connected by 
this unique high-strength coupling. Figures 5 and 6 illustrate 
a cross section view of the structural configuration and of a 
typical tubular twined composite structure connected and sealed 
with a high-strength composite coupling. Figure 7 shows a 
typical installation of a high-pressure petroleum pipeline 
mechanically connected by a two-piece composite coupler and 
coupler retaining sleeve. Such mechanically connected com
posite pressure pipe with removable end plugs have been 
hydrostatically tested repeatedly at pressures as great as 10,000 
psi without leakage or structural failure. Such pipe has been 
thoroughly tested to meet the structural requirements estab
lished for fiberglass pressure vessels by ASME Section X of 
the boiler and pressure vessel code and for nonmetallic pipe 
established by the ASME B31.3 and B31.4 pipe codes. The 
high-pressure mechanically coupled composite pressure pipe 
illustrated in Figure 8 has been made and sold by U.S. and 
Canadian licensees since April 1982. 

Table 1 presents the physical properties of a single com
posite ply made of unidirected twines of continuous strands 
of glass filaments. 

COST AND CONNECT ABILITY 
COMPARISONS: COMPOSITES VERSUS STEEL 
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Primary load-bearing structures made from commercial com
posites can today be designed to be competitive in cost with 
equivalent structures made of steel or reinforced concrete. 
Commercial composites made from glass roving and polyester 
resin today sell for approximately $3.00/lb and cost approx
imately $2.00/lb. Glass roving and polyester resin cost less 
than $0.90/lb when purchased in quantity. Commercial com
posites made from twined strands of glass roving impregnated 
with polyester resin possess the physical properties shown in 
Table 1. 

To illustrate the fact that, as a primary load-bearing struc
tural material, commercial composites now compete in cost 
with steel, a comparison of pipe material costs is presented. 
The maximum allowable design strength of steel used to make 
pipe that meets the ASME B-31 pipe code requirements is 
20,000 psi (138 MPa). This is only one-third the allowable 
design strength of commercial composites, which, as can be 
seen from Table 1, possess an HDBS of 60,000 psi as deter
mined from cyclic test results (ASTM D2992A). 

The current sale price of steel pipe is not less than $0.40/ 
lb when purchased in multiton shipments. Because 1 lb of 
commercial composite material equals the structural perfor
mance of 12 lb of steel, at least $4.80 worth of steel will be 
required to perform as well as 1 lb of commercial composite 
material selling for $3.00/lb. Of course, cost versus strength 
comparisons reflect only part of the picture. Reliability as an 
end use structure also depends on the ease and reliability of 
joining and sealing the structural materials . Until the recent 
advent of high-strength composite mechanical couplers, one 
of the principal advantages of using steel instead of composite 
material as a structural material was that steel could be struc
turally connected without any sacrifice in structural strength. 
Conventional composite structures comprising a multitude of 
overlapping laminate plies cannot be connected without a 
substantial sacrifice in structural strength. This is because when 
conventional composites are connected the joint strength is 
no greater than the strength of the matrix or bonding adhe
sive. Composite matrix materials possess only one-tenth of 
the strength of the composite filament reinforcements. 

FIGURE 4 Photographic section detail of sealed and coupled composite pipe. 
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FIGURE 5 Section detail of a high-tensile-strength composite 
coupler and seal assembly. 
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FIGURE 6 Section view showing how coupled pipe thermal 
expansion can be accommodated by composite coupler 
assembly. 

By using the new high-strength twined-strand composite 
couplers, tubular composite structures can now be connected 
quickly and reliably to exhibit the same joint strength and 
sealing integrity as a welded steel structure of the same wall 
thickness. 

STRUCTURAL APPLICATIONS OF 
COMMERCIAL COMPOSITES 

Because of the widespread engineering experience gained by 
using commercial composites as primary load-bearing struc
tures, the time has come to begin planning and constructing 
highway tunnels, bridges, and underroad culverts that use this 
amazingly versatile and cost-effective structural material. 

The reliability and effectiveness of glass-reinforced poly
meric resin composite material has been demonstrated in 
numerous applications. For example, the U.S. Navy selected 
this material for use in constructing the forward portion of 
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FIGURE 7 Photograph of a 6-in.-diameter mechanically 
coupled 3,000 psi pressure pipe. 

the 30-ft-diameter Trident submarine. Minesweepers and other 
ships made of this material have been in service for over 10 
years. Bridges in China and Germany made of glass-polyester 
composites are already in service. Large-diameter chimney 
liners and free-standing chimneys that resist corrosion have 
been in service for many years. 

In 1982 a 40-ft-diameter, 45-ft-high fuel storage tank that 
met the National Fire Protection Association requirements 
for aboveground storage of flammable liquids (NFP A 30) was 
constructed entirely of commercial composites at Aransas Pass, 
Texas. This structure was constructed on the job site despite 
high winds, frequent rainstorms , blistering heat, and high 
humidity. The structure was thoroughly tested before being 
placed into service. 

This tank was constructed as a double-wall tank. The inner 
tank composite material was selected on the basis of strength 
and compatibility with water or petroleum products. The outer 
tank and rib structure was made of a noncombustible com
posite material that could resist long-term exposure to fire, 
as well as the wind and weather present in the area. 

Figures 9 through 11 illustrate how this tank was built and 
how it appeared on completion. The tank incorporated an 
internal floating roof to control vapor emission, as well as a 
fixed roof to prevent rain and dust from entering the tank. 
The tank was designed to meet the dimensional requirements 
of American Petroleum Institute tanks and included a 30-in.
diameter removable manway and inlet and drain fittings near 
the bottom. Roof vents were provided to allow rapid filling 
and discharge. 

A major advantage of composite fuel storage tanks is that 
they are less vulnerable to lightning strikes, which are the 
major source of fuel tank fires. The double-wall all-composite 
tank shown in Figure 11 was designed to enable fire extin-
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FIGURE 8 Perspective section view of twined composite pipe joint laminate construction. 

TABLE 1 PHYSICAL PROPERTIES OF A SINGLE 
COMPOSITE PLY OF UNIDIRECTED TWINES 

Physical Property 

Maximum longitudinal tensile strength 
(ASTM 0638) 

Hydrostatic design basis strength (ASTM 
D-2992-A) (Maximum allowable 
design tensile strength) 

Longitudinal compressive strength 

Longitudinal tensile modulus 
(ASTM 0638) 

Longitudinal interlaminar shear 
strength (ASTM 02344) 

Transverse shear strength (ASTM 0732) 

Longitudinal Poisson's ratio 
(ASTM 0638) 

Longitudinal coefficient of thermal 
expansion (ASTM 0696) 

Density (ASTM 01505) 

Value (Metric Value) 

125,200 PSI 
(0.863 GN/m' ) 
60,000 PSI 
(0.414 GN/m') 

50,000 PSI 
(0.345 GN/m2

) 

3.51 x 106 PSI 
(24.2 GN/m') 
5,000 PSI 
(34.5 MN/m') 
33 ,000 PSI 
(0.227 GN/m2) 

0.25 

11 x 10- 6 in./in./ft 
0.064 lb/in. 3 

(1771 kg/m3
) 

N OTE : Twines consist of 3 to 25 strands of helically configured E-glass 
filament reinforcements impregnated with thermosetting polyester matrix, 
a filament volume fraction equal to 46 percent , and a twined strand frequency 
from 10 to 100 cycles per meter. 

FIGURE 9 Fabricating a 42-ft-diameter composite structure 
on the job site by process of twine winding. 

FIGURE 10 View of the inner wall of a 42-ft-diameter double
wall composite structure. 

guishing foam to be pumped through the tank wall vertical 
tube support columns in the unlikely event the contents did 
ignite . Another key feature characterizing composite fuel 
storage tanks is they are less likely to ignite flammable vapors 
resulting from static electric spark discharge. Such events are 
common hazards with steel tanks during filling operations. 

Composite materials also do not rust or corrode. Thus, they 
require minimal maintenance. 
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FIGURE 11 View of a 42-ft-diameter double-wall composite 
fuel storage tank. 

HOW COMPOSITE STRUCTURES CAN BE 
USED TO FORM AND REINFORCE CONCRETE 

The Aransas Pass, Texas, project demonstrated the feasibility 
of making large high-performance structures of commercial 
composites at a cost that is competitive with the same struc
tures made of steel or steel-reinforced concrete. Furthermore, 
now that the problem of reliable and high-strength connect
ability has been solved, the innate performance and instal
lation advantages provided by commercial composite struc
tures currently recommend their replacement for steel in future 
concrete highway projects involving bridges or tunnels. 

Figure 12 illustrates a submerged composite-concrete trans
port tube structure that can serve as a submerged highway 
tunnel for automotive or railroad traffic. The double-wall 
composite transport tube provides a convenient pour form by 
which the concrete is configured into an appropriate structural 
member able to resist the substantial compression forces 
imposed by water submersion at significant depths . An inner 
composite shell provides a second concrete forming structure 
to shape the tunnel transport space interior. The new class of 
twined-strand composite material is used to make the outer 
and inner walls of the transport tube structure, as well as the 
mechanical coupler assemblies that enable the tube sections 
to be connected to provide the desired length of highway 
tunnel. The corrosion resistance provided by the composite 
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FIGURE 12 Illustration of a submersible composite-reinforced 
concrete four-track railway tunnel. 

structure makes it an ideal material with which to enclose and 
reinforce concrete that is required to remain serviceable when 
the structure is exposed to the corrosive effects of seawater. 

APPLICATIONS OF COMMERCIAL 
COMPOSITES TO SUBMERGED RAILWAY 
TUNNELS 

Metropolitan subways and waterway crossings are two specific 
rail transport projects that can benefit from the use of mechan
ically connected tubular structures made of commercial com
posite materials. Both types of rail transport employ tunnels 
that must be designed to resist a variety of tensile, bending, 
and compressive loads , including shock loads imposed by 
earthquakes. Because tubular composite tunnel structures can 
be easily fabricated by using modern filament processing tech
niques, they are ideal structural candidates for making use of 
the unique properties attainable with mechanically coupled 
tubular structures made of commercial composites. 

An example of how commercial composites can be used 
effectively to solve a modem transportation problem is described 
in the following paragraphs. 

In 1982 a colloquium was held in Madrid to discuss the 
feasibility of linking Europe with Africa by a fixed transpor
tation link across the Strait of Gibraltar. Although most of 
the engineering approaches suggested at the colloquium were 
feasible from an engineering point of view, the primary prob
lem turned out to be one of cost rather than engineering know-
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how. It was quickly recognized that such a transport link 
would not be economically feasible if it were based on the 
income that would be derived from either freight or passenger 
traffic diverted from existing ferry and air transport services. 
The primary justification for such a link would hinge upon 
its value both to tourism and as a means to provide more 
rapid transport of certain perishables. 

If the link could also encourage future commercial and 
industrial investment in Spain and Morocco by being asso
ciated with advanced technology and engineering, the trans
port link might also be justified by the prestige associated 
with such an engineering accomplishment. Furthermore, if 
the link could also promote fiber optic communications as 
well as pipeline transport of fuel and potable water, there 
might be additional commercial justification for such a project. 

As the Madrid colloquium made clear, the cost of either a 
bridge or a tunnel would range from $2 to $6 billion, or 
perhaps more. The problem with using a bridge as the trans
port link is twofold: a bridge would impede sea traffic, and 
the bridge piers would be exposed to collision damage from 
ships. The problem with using a bored tunnel as the transport 
link is even more complicated. Earthquakes in the region 
could affect the tunnel during and after construction. Fur
thermore, digging the tunnel would be dangerous and would 
require going to depths greater than had been dug before for 
such tunnels. At its shallowest part, the strait is 300 m deep. 
The engineering approaches suggested at the Madrid collo
quium did not consider the possibility of using commercial 
composites as an engineering material that might solve both 
the engineering problems and the cost problems. Perhaps one 
reason was simply that a method of connecting and sealing 
composite structures so that they have the same strength and 
sealing integrity as a welded steel structure of the same thick
ness had not yet been developed and proven in service. 

Figures 13 through 18 illustrate a submerged composite
concrete railroad transport tunnel that can provide a fixed 
link across the Strait of Gibraltar at a fraction of the cost of 
either a bored tunnel or bridge. It has been determined that 
a two-track electric railroad tunnel, similar in size to that of 
the famous 32-mi-long Seikan tunnel in Japan, connecting the 

FIGURE 13 Illustration of the proposed Gibraltar Highway 
submersible tunnel. 

------303- ---_... 

FIGURE 14 Cross section of the proposed two-track 
submersible tunnel. 
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coast of Spain with the coast of Morocco, can be constructed 
in less than 4 years at a cost of approximately $500 million. 

The submerged transport tube would traverse the "sill" 
region of the Strait between Malabata near Tangier, Morocco, 
and Punta Paloma near Tarifa, Spain. This route is approx
imately 28 km in length and does not exceed a depth of 300 
m anywhere along the route. Route geographic details are 
shown in Figure 19. As currently envisioned, the proposed 
transport tube would be cylindrical in cross section with an 
outer diameter of 40 ft (12.18 m) and an interior railroad 
passage area of 749 sq ft (69.5 sq m). The transport tube 
would consist of 348 cylindrical double-wall tube sections made 
entirely of glass-reinforced polyester resin designed to be 
mechanically connected by a pair of composite mechanical 
coupling structures, each of which is able to resist a tensile 
end load of 25,000 lb (4,473 kg) per circumferential in. 

The inner wall of the double-wall composite transport tube 
has a diameter of 32.4 ft (9.87 m). The inner wall is separated 
from the outer wall by annular composite ribs approximately 
1.16 m in height spaced 20 ft (6.14 m) apart. 

The annulus of the double-wall composite transport tube 
is filled with concrete to provide a compression strength capa
ble of resisting submersion to a depth of 1,200 ft (368 m). 
The weight of the concrete in the annulus plus the weight of 
concrete forming the rail base structure on which the tracks 
are laid is sufficient to provide the neccessary stability and 
negative bouyancy needed to offset a flotation force of 
approximately 81,000 lb per lineal foot. The transport tube 
is designed to handle the combined concentrated load of two 
freight trains each having a length of 1,478 ft (450 m) and a 
combined weight of 1,100 metric tons. 

The transport tube is designed to be anchored to the ocean 
floor wherever it must be suspended to ensure that the rail
road grade does not exceed 2 degrees. Special couplers are 
used to provide sufficient angular displacement between adja
cent coupled tube structures so that the tube structure is suf
ficiently flexible to accommodate installation variations caused 
by the irregular ocean floor contour. 
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FIGURE 16 Detail of coupler and rib structure of a composite submersible 
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FIGURE 17 Side elevation section detail of composite coupler assemblies used to 
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FIGURE 18 Enlargement of section view of tunnel joint seal and 
coupler. 

Each section of the prefabricated double-wall composite 
tube structure is 240 ft (73 .1 m) long and weighs approxi
mately 400,000 lb (181,000 kg). The coupler assembly used 
to connect the outer wall structure consists of a two-piece 
semicylindrical flanged composite coupler member that is held 
together by two cylindrical composite sleeve members. Each 
of the coupler halves weighs approximately 3,155 lb (1431 
kg) ; each of the cylindrical coupler sleeve members is 30 in . 
wide and 41 ft in diameter and weighs 4,500 lb (2,042 kg). 
The coupler assembly used to connect and seal the inner wall 
structure comprises a two-piece composite flanged semicy
lindrical coupler member held together by two cylindrical 
sleeve members . The inner wall of the transport tube section 
is sealed by a 3-in.-wide compressed rubber seal ring. The 
weight of the inner wall composite coupler and sleeve struc
ture assembly is approximately 6,000 lb (2722 kg). The rubber 
seal that withholds an external pressure of at least 600 psi 
(4.14 MPa) is estimated to weigh less than 400 lb (181.4 kg). 

Each section of the proposed composite transport tube would 
be fabricated on shore in a 600-ft-long shop adjacent to the 
seashore. The shop would have a concrete floor extending 
into the sea. The shop floor would provide a 600-ft canal 
located 4 ft below the sea level at low tide and sealed at the 
seaward end by a removable dam. After the tube structure 
has been fabricated, the water would enter into the canal and 
the tube structure floated out to where it would be anchored 
offshore a safe distance. Half of the tube structure would be 
made in Morocco, the other half in Spain. A special barge, 
designed to serve as a floating dry dock, would be positioned 
under two floating tube structures and emptied so that the 
assembly of the couplers and seals could be performed safely 
above water in the open air. After the tube structures have 
been connected, they would be sealed at their opposite ends 
and air tested to check the integrity of the seals. As the line 
of tubes are assembled along the shores of Spain and Morocco, 
the sealed ends of each length would be towed together and 
connected . The floating tube string would be anchored at each 
shore and then filled with only enough seawater to provide 
the negative bouyancy to allow it to slowly sink into place. 
After the transport tube has been properly positioned on the 

sea floor, it would be permanently anchored by composite 
cables attached to the annular ribs comprising each tube section. 

The final portion of the construction would begin after the 
transport tube had been checked out and the structure con
firmed to be competent and perfectly sealed. The concrete 
rail bases would be poured in place and the ballast pumped 
out. Ventilation would be provided to crews working from 
either end to lay the railroad tracks and install the electric 
lights and other utilities. When completed, the tube would 
be subjected to a rigorous series of tests to ensure its safety 
and performance while subjected to the tidal action of the 
water moving into and out of the Mediterranean Sea. 

It is estimated that approximately 98 million lb of glass 
roving and 65 million lb of polyester resin would be required 
to fabricate the 384 sections of composite transport tube. 
Those materials are currently available at a cost of approxi
mately $0.90/lb ($2.00/kg). The cost of the concrete would 
not exceed the cost of the transport tube into which it would 
be poured. The costs involved in constructing the equipment 
and training the crews to make and install the tubes is not 
expected to exceed the total material cost. Because the cost of 
materials required to make the 28-km-length of transport tube 
will not exceed $250 million, it is reasonable to expect that 
the total cost to complete the submerged tunnel railroad link 
between Europe and Africa would not exceed $500 billion 
and that it would require no more than 4 years to make and 
1 year to test and check out before being placed into service. 
By removing the concern associated with corrosion of steel 
or deterioration of concrete exposed to seawater, the pro
posed submerged composite-concrete transport tube and rail
road will probably remain serviceable at least to the year 2200. 

OTHER USES OF COMPOSITE TRANSPORT 
TUBE STRUCTURES 

Because prefabricated composite transport tubes of sizes suit
able for highway and railroad transport can be individually 
tested under a variety of service and installation environments 
before being placed into service, they offer a new approach 
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FIGURE 19 The route recommended for installation of a submerged 
composite railway tunnel. 

for solving future transportation problems. They are uniquely 
suited for constructing temporary or emergency roadways. 
They can provide the armed forces with traffic or shelter 
structures that can be deployed by ship to remote areas for 
rapid installation. They are envisioned as a means by which 
supersonic surface transport will become attainable because 
such double-wall transport tubes can be cryogenically evac
uated of air while concomitantly employing superconductive 
materials that make magnetically levitated high-speed trains 
practical. 

CONCLUSION 

Use of composites to fabricate tubular double-wall transport 
tube structures is now economically feasible. The country that 
becomes a leader in this field of technology will inevitably 

benefit from the continuing worldwide growth in passenger 
and freight traffic. The construction and transport of large 
structures, such as off-shore platforms and floating hotels, has 
demonstrated that large-diameter composite transport tubes 
can be towed and installed virtually anywhere. Where such 
transport is impractical, the transport tubes can be fabricated 
on or near their installation site. Shipboard fabrication is even 
possible by using the equipment, processes, and materials now 
employed in the fabrication of similar-size composite struc
tures. It is envisioned that composite transport tubes will 
eventually become a major item of export trade for those · 
nations that pursue this promising new field of transportation 
technology. 

Publication of this paper sponsored by Task Force on Structural Appli
cations of Fiber Reinforced Plastic. 
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Properties of Pultruded Fiber 
Reinforced Plastic Structural Members 

LAWRENCE c. BANK 

Fiber reinforced plastic (FRP) beam sections, produced by the 
pultrusion process for load-bearing structural engineering appli
cations, are manufactured by a number of U.S. companies. For 
design purposes both stiffness and strength properties of these 
structural members are required. The shear stiffness of pultruded 
FRP beams is considered in this paper. A new material/structural 
stiffness property, called the beam section shear modulus, is pro
posed. Using the beam section shear modulus, a procedure is pre
sented to account for the effects of shear deformation on the response 
of FRP beams. Results of an experimental program conducted to 
obtain the section shear modulus for a variety of commercially 
produced FRP beams are reported. Values of the section flexural 
modulus for FRP beams are also given. The analysis of a rigid 
portal frame structure is presented to demonstrate the influence 
of the beam section stiffness properties on frame deflections and 
forces. 

Fiber reinforced plastic (FRP) thin-walled beams are begin
ning to see application in a variety of civil engineering struc
tures. Further use of these attractive construction materials 
depends to a large part on structural designers gaining a famil
iarity with FRP materials, their properties, and their design 
requirements (1). As noted by Green (1), "Standard codes 
of practice for design and application of plastic composites 
are urgently needed .... " and "Relevant data must be sci
entifically gathered and presented in a usable form so that 
the information can be readily interpreted by structural engi
neers." It is the purpose of this paper to provide some of this 
information for a particular class of FRP structural members, 
specifically, pultruded FRP beams. Pultruded FRP structural 
beams are produced in standardized profile shapes such as, 
I-beams, wide-flange (WF) beams, channels, and angles. The 
work described in this paper concentrates on commercially 
produced standard shapes because it is felt that the widespread 
use of FRP structural members will depend, to a large extent, 
on the standardization of the pultrusion industry. As noted 
by Wigotsky (2), "Tailorability at the expense of standard
ization compounds confusion in the architect's material selec
tion process, not confidence." 

Although FRP beam sections are geometrically similar to 
steel beam sections, their mechanical (stiffness) and structural 
(strength) properties are very different. These differences 
influence both the behavior of FRP struc.tures and the pro
cedures that need to be used in their analysis and design. 
When designing a structure, the ultimate strength as well as 
the ability to behave as desired under service-load conditions 
must be considered. This paper concentrates on the stiffness 
properties of FRP beams and is, therefore, concerned pri-

Department of Civil Engineering, The Catholic University of Amer
ica, Washington, D.C. 20064. 

marily with the serviceability of FRP structures. Investigations 
of the strength and failure mechanisms of FRP beams have 
been considered by Sims et al. (3), and studies of the stability 
of FRP thin-walled sections have been reported by Lee and 
Hewson (4). The ASCE Structural Plastics Design Manual (5) 
gives an overview of the issues associated with the design of 
FRP structures. 

In previous work on the subject of the stiffness and deflec
tions of FRP beams (3,4,6) it has been demonstrated, both 
theoretically and experimentally, that shear deformation effects 
can have a significant influence on the response of FRP beams. 
This is because of the anisotropic stiffness properties of the 
walls of thin-walled FRP beams and, in particular, in pul
truded FRP beams, the low in-plane shear stiffness of the 
material relative to its longitudinal stiffness. This paper pre
sents a methodology to account for the shear deformation in 
terms of an experimentally determined beam section shear 
modulus. In typical pultruded FRP beams, serviceability 
requirements often govern beam design (1), making accurate 
calculation of deflections critical. In addition, because FRP 
beams will have shorter spans than conventional steel beams, 
shear deformation effects, which are usually neglected in steel 
beams, must be accounted for in FRP beams. 

The paper is divided into three sections. First, shear defor
mation beam theory is reviewed and the motivation for intro
ducing a section shear modulus is discussed. The significance 
of shear deformation on the response of short-span FRP beams 
is demonstrated. Second, results of an experimental investi
gation, in which section shear and flexural moduli were obtained 
for a variety of pultruded FRP beams, are presented. Third, 
results from the analysis of a rigid portal frame are presented 
to demonstrate numerically the effects of shear deformation 
by comparing the response of a frame consisting of isotropic 
material beams to one consisting of anisotropic pultruded FRP 
beams. 

SECTION SHEAR MODULUS OF PUL TRUDED 
FRP BEAMS 

The theory for the deflection of beams accounting for the 
effects of shear deformation is discussed in such texts as 
Mechanics of Materials by Gere and Timoshenko (7). The 
theory presented in this paper follows from Timoshenko's 
original work in this area (8) and is the one commonly used 
in the analysis of sandwich beams (9) in which significant shear 
deformations occur because of the shear flexibility of the beam 
core. In the shear deformation beam theory used here, two 
variables are used to describe the deformation of the beam 
subjected to transverse loading; the total deflection and the 
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slope resulting from bending deformation only. Two first
order equations for the static response of the beam are solved 
together with appropriate boundary conditions relating to the 
total deflection and the bending slope. The details of the 
equations are not repeated because they can be found else
where ( 6-9). 

The solution to the two equations for the case of beams of 
isotropic materials is given in the following general form: 

w(x) = f 1(x)IEJ + fz(x)!kAG (1) 

where w(x) is the beam deflection function , fi(x) and f 2(x) 
are functions that depend on the loading and boundary con
ditions, Eis the isotropic Young's modulus of the material, 
I is the second moment of area, k is the shear coefficient , A 
is the cross-sectional area, and G is the isotropic shear mod
ulus of the material. The shear coefficient, k, accounts for 
the fact that the distribution of shear strain is not uniform 
over the cross section . For thin-walled isotropic sections the 
shear coefficient can be found by a method developed by 
Cowper (10). Cowper shows that the shear coefficient for thin
walled beam sections is a function of both the material prop
erties and the geometrical properties of the cross section, even 
for isotropic beams. Cowper also shows that for common thin
walled beam sections (e.g., I-beams and T-beams) the prop
erties of both the webs and the flanges enter into the formula 
fork. 

In structural engineering applications the term kAG is often 
replaced by the term A ,G, where A, is called the effective 
shear area. The effective shear area is usually approximated 
by the area of the web (or webs) in thin-walled sections (i.e., 
A, = A,v). 

Equation 1 can be applied to the analysis of thin-walled 
beams composed of anisotropic composite materials, such as 
pultruded FRP beams, as discussed by Bank and Bednarczyk 
(6) . To use Equation 1 for the thin-walled composite beam, 
the "appropriate" mechanical and geometrical properties of 
the composite beam must be used for E, I, k, A, and G. This 
paper proposes a set of "appropriate" mechanical and geo
metrical properties to be used for thin-walled pultruded FRP 
beams. 

Consider, first, the first term in Equation 1. The second 
moment of area I is a geometrical property of the cross sec
tion, which can be calculated by known methods. Because it 
is only a function of the cross-section geometry , it is retained 
for the pultruded FRP beam. The appropriate stiffness prop
erty proposed for the pultruded FRP beam that replaces E 
in the isotropic formulation, is the beam section flexural mod
ulus, designated as Eb (where the subscript b stands for "beam") 
in what follows. In pultruded FRP beams the beam section 
flexural modulus is generally different from the coupon flex
ural modulus, which is different from the coupon longitudinal 
modulus. These differences exist because of the nature of the 
laminated structure of the pultruded composite material and 
the variation in properties in parts of the beam cross section. 
For this reason manufacturers of pultruded beams give full
size flexural moduli for design purposes, as well as coupon 
tensile and flexural moduli (11,12). The section flexural mod
ulus is obtained from tests on full-size pultruded FRP beams. 

Consider, now, the second term in Equation 1. The cross
sectional area A is a geometric property (like I) that can be 
precisely calculated. It is proposed, therefore, to retain it 
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in this formulation as an appropriate property for the pultrud
ed FRP beam. The appropriate properties of the pultruded 
FRP beam required to replace the terms k and G in the iso
tropic formulation are the most difficult to determine. The 
isotropic shear modulus must be replaced by an appropriate 
anisotropic shear modulus. Because of differences in rein
forcement in the flanges and the webs of pultruded beams, 
the shear moduli of these different parts of the cross section 
will be different. Consequently, a unique value of G for the 
pultruded FRP beam cannot be found, as in the isotropic case. 
The shear coefficient , k, depends on the geometrical and the 
material properties of the beams. Because the properties can 
vary around the cross section, the shear coefficient for the 
pultruded FRP beams will be a function of the different shear 
and longitudinal moduli of the webs and the flanges . 

A procedure to find the appropriate k and G for thin-walled 
composite beams that incorporates all the different aniso
tropic stiffness properties has been proposed for character
izing advanced composite material beam structures (13) but 
is felt to be unsuitable for pultruded composite beams for a 
number of reasons . First, because of the irregular internal 
structure of pultruded composite parts , micromechanical models 
cannot be used to accurately characterize the stiffness prop
erties . Consequently, coupon tests must be relied on to obtain 
material properties. Because of the variability in properties 
around the cross section of pultruded FRP beams, numerous 
coupon tests are required. Second, coupon tests are both time
consuming and expensive. Because pultruded FRP beams, of 
the types discussed in this paper, are considered primarily for 
civil engineering purposes, expensive characterization impedes 
widespread use of the material. In addition, because the shear 
modulus cannot be calculated from E and v as in isotropic 
materials, independent shear coupon tests are required . These 
tests are difficult to perform . Finally, even with coupon mate
rial properties available, the resulting theory (13) is felt to be 
too complex for pultruded FRP beams for use in civil engi
neering applications. 

For these reasons a new material/structural property is pro
posed to characterize thin-walled pultruded FRP beams. 
Analogous to the beam section flexural modulus, a beam 
section shear modulus is proposed for the pultruded FRP beam. 
The section shear modulus is identified as Gb in which the 
subscript stands for "beam" (as in the beam section flexural 
modulus). Gb replaces the term kG in the isotropic formu
lation. Gb is not equal to the material shear modulus G . As 
in the case of the beam section flexural modulus, the beam 
section shear modulus is found from direct experiment on 
full-size pultruded FRP beams. Coupon tests are therefore 
avoided. The beam section shear modulus Gb is a function of 
the material properties and the geometrical properties of the 
beam. The form of Equation 1 proposed for the analysis of 
pultruded FRP beams is 

(2) 

All the terms in Equation 2 have been defined previously. In 
what follows , an experimental program is described in which 
Eb and Gb were measured for a variety of commercially pro
duced pultruded FRP beams. 

The approximate approach of using an effective shear area 
A,, as in the case of isotropic beams, can be used for composite 
beams. If the effective shear area is taken as the web area, 
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then the shear modulus of the web material Gw needs to be 
obtained from a coupon test (or by micromechanical calcu
lation). The term kAG in Equation 1 now becomes A..,Gw. 
In this approximate approach the effect of shear deformation 
in the beam flanges, which has been shown to be significant 
in thin-walled composite beams (6), is neglected. A compar
ison between the two approaches is presented in what follows. 

The significance of shear deflection in pultruded FRP beams, 
given by the second term in Equation 2, can be investigated 
analytically by considering the response of a simply supported 
center-loaded beam of span L. For this case the maximum 
deflection, w, under the load, P, is written in the form of 
Equation 2 with appropriate loading and boundary conditions 
as 

(3) 

Neglecting shear deflection , the deflection w can be written 
in terms of an apparent beam section flexural modulus E 0 as 

w = PL3/48Eal (4) 

Equating Equations 3 and 4 gives the apparent beam section 
flexural modulus in terms of the section anisotropy ratio 
(E,)Gb) and the slenderness ratio (L!r), where r is the radius 
of gyration, as 

(5) 

In Figure 1 the ratio E.f Eb is plotted against the slenderness 
ratio for values of Eb!Gb , which are appropriate for pultruded 
FRP beams. As the influence of shear deflection increases, 
the ratio E.f Eb decreases from its maximum value of 1.0. It 
can be seen that the effects of shear deflection increase as 
(a) the section anisotropy ratio increases and (b) the slen
derness ratio decreases . The effects of shear deflection are 
most severe for L/r ratios less than 60. It is therefore strongly 
recommended that the contribution of shear deflection be 
included in deflection calculations when L/r is less than 60. 
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FIGURE 1 Apparent flexural modulus as a function of 
anisotropy and slenderness ratios. 
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FULL-SIZE TESTS ON PULTRUDED FRP 
BEAMS 

119 

The beam section flexural modulus and the beam section shear 
modulus were obtained for a number of "off-the-shelf" pul
truded FRP beams produced by Creative Pultrusions, Inc. 
The experimental methodology used to obtain the section 
moduli is based on a variation of the three-point bend flexure 
test (ASTM D790) and is described in detail by Bank (14). 
In this variation , the three-point bend test is applied to full
size pultruded beams at slenderness ratio (L/r) values of less 
than 30 so as to fall into the steep slope region shown in 
Figure l. This procedure has the advantage of yielding mea
surable values of the section flexural and shear moduli from 
tests on relatively short-span beams. To obtain comparable 
values of the apparent beam section flexural modulus that are 
negligibly influenced by shear deformation (and therefore 
approach the beam section flexural modulus described in this 
work) L/r values need to be in the 100 range as can be seen 
from Figure l. 

The test requires loading a simply supported beam at its 
midspan and measuring the deflection under the load. The 
relationship between the midspan deflection w, the load P, 
and the section elastic moduli, given by Equation 3, can be 
rewritten in the following form: 

4Aw (L!r) 2 1 
-- =- --+-
PL 12Eb Gb 

(6) 

Equation 6 is the equation of a straight line in the 4Aw/PL 
versus (L/r)2 plane in which the slope of the line is l/12£b 
and the intercept is l!Gb. The experimental data points are 
obtained by measuring w for a constant load P at different 
values of (L/r)2 . The slope and intercept are obtained by 
performing a linear regression through the experimental data 
points. The section moduli are then obtained by simple cal
culation. Alternatively, Equation 3 can be rewritten as 

4/w 

PU 
1 1 ---+--

(Llr)2Gb l2Eb 
(7) 

In this form, Gb is obtained from the slope and Eb from the 
intercept of the line in the 4/w/PU versus 1/(L/r)2 plane. Both 
calculation methods were used to find the section moduli in 
this investigation . In the opinion of Sims et al. (3), it is more 
accurate to use values for the moduli obtained from the regres
sion line slope than from the intercept . 

In this investigation all the beams were tested at (L/r)2 

values ranging from 150 to 500 in increments of 50 (i.e., L/r 
values of 12.2 to 22.4). A total of seven different beams having 
different sizes, shapes, and material properties were tested. 
At each slenderness ratio, the beam was loaded to two dif
ferent loads and the midpoint deflection recorded for each 
load. The average value of w!P was then used in the subse
quent calculations. The larger of the two loads was that which 
gave a maximum deflection of approximately L/300 for the 
longest span (i.e., (L/r) 2 = 500). The smaller load was two
thirds of the larger load. Under these loads the deflections 
were measured with a dial indicator having a 0.0001-in. sen
sitivity . The linear regressions had correlation coefficients above 
0.995 in all the tests, which indicated consistent data. The 
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TABLE 1 PROPERTIES OF I AND WF BEAMS IN TEST 
PROGRAM 

Beam 

WF4x4x 1/4 

Vinyl ester 

WF 6 x 6 x 3/8 

Vinyl ester 

WF 8 x 8 x 3/8 

Vinyl ester 

WF4x4x 1/4 

Polyester 

WF 8 x 8 x 3/8 

Polyester 

I 4 x 2 x 1/4 

Polyester 

I 8 x 4 x 3/8 

Polyester 

A 

( in4l ( in 2l 

7.94 2 . 888 

40.17 6.480 

99 . 18 8.730 

7.94 2.888 

99. 18 8 . 730 

4.40 1. 890 

70.62 5.725 

t 

b 

FIGURE 2 Geometrical 
properties of pultruded 
FRP beams. 

r L 
m" 

(in) (in) 

1. 66 37 . 12 

2 . 50 55 . 90 

3 . 38 75 . 58 

1. 66 37. 12 

3.38 75 . 58 

1. 54 34 . 44 

3 . 12 69 . 77 

beams tested are given in Table 1 together with some pertinent 
geometrical properties (11). In Table 1, Lmnx refers to the 
maximum length of the beam required for testing at (L/r)2 = 
500. As can be seen these are all manageable lengths and did 
not require a particularly large testing area. The beams are 
described by three numbers: height by flange width by con
stant wall thickness (in inches) as shown in Figure 2. All data 
are reported in standard U.S. units because these units are 
overwhelmingly used in the pultrusion industry and by design
ers in the United States. Figure 3 shows, as a typical example, 
the experimental data points and the linear regression lines 
for the WF 6 x 6 x 3/8 vinylester beam. 

The values of Eb and Gb obtained from the experiments 
are given in Table 2. From Table 2 it can be seen that there 
is some difference in values predicted by Equations 6 and 7. 
This difference is not particularly significant. The two sets of 
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values are best thought of as defining bounds for the exper
imental values, and an average value is suggested for design 
purposes. The results show clearly the higher values of the 
section anisotropy ratio for the wide flange beams (Eb!Gh 
around 30) as compared with the I-beams (Eb/Gb around 20) 
indicating greater shear deformation effects in the WF beams. 
These values correlate with the lower values of Gb for the 
WF beams. The vinylester beams have higher values of Eb 
and Gh than the polyester beams for the same cross-sectional 
geometry. A variation in section properties for different sized 
beams of the same material system is observed. In the WF 
series the section properties all decrease as the size of the 
section is increased. The I-beams show a slight increase as 
the section size is increased. This variation is probably attrib
utable to the manufacturing process in which the fiber content 
and layout change to some degree from beam to beam. 

As is seen from Table 2, Eb is not constant and shows a 
dependence on beam shape and material. The range of values 
for Eb is, however, consistent with the full-size flexural moduli 
recommended by the manufacturer (11). These are 2.5 Msi 
for polyester beams and 2.8 Msi for vinylester beams. (These 
values of the section flexural moduli are suggested, by the 
manufacturer, for use with all beam section shapes.) 

Values of Gb are not given by the manufacturer. Based on 
the results of the limited tests performed, minimum section 
shear moduli Gb are suggested for use with the manufacturer 
suggested Eb values. (In the absence of experimental values 
for vinylester I-beams, the recommended Gb values are based 
on the polyester I-beam values scaled with respect to the 
1-beam/WF beam ratio.) The values of Gb suggested are 

• Polyester WF beams: Gb = 0.075 Msi 
• Polyester I-beams: Gb = 0.125 Msi 
• Vinylester WF beams: Gb = 0.085 Msi 
• Vinylester I-beams: Gb = 0.140 Msi 

It is of interest to compare the experimental results, using 
the beam section shear modulus approach, with the approx
imate approach using the effective shear area (i.e., web area) 
and the web shear modulus G.,. Values for the web shear 
modulus were found for four of the beams in a separate inves
tigation (15) and are given in Table 3. For these four beams 
the values of AGh and A'"G'" are compared in Table 3. (Gb 
is taken from Table 2, Equation 6.) Results of Table 3 indicate 
that the approximate approach is less conservative than the 
beam section modulus approach. This implies that the beam 
web is not the only part of the section that is subjected to 
shear deformation. The approximate approach should, there
fore, be used with caution. The two approaches show the 
same overall trends. 

ANALYSIS OF A FRAME WITH FRP 
STRUCTURAL MEMBERS 

The analysis of a rigid portal frame constructed of pultruded 
FRP is described to demonstrate the influence of shear defor
mations on the deflections and on the redistribution of bend
ing moments and shear forces in a statically indeterminate 
structure. The response of an isotropic material frame is com
pared with the response of a highly anisotropic FRP frame. 
Because a range of beam section modulus values was found 
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TABLE 2 RES UL TS OF TESTS ON I AND WF BEAMS IN 
TEST PROGRAM 

Beam [from eq . (6)] [from eq . (7) J 

E G E /G E G E / G 
b b b b b b b b 

(Ms\) (Ms\) (Msi) (Ms\) 

WF 4 x 4 x 1/ 4 3 . 28 0 . 112 29.3 3. 19 0 . 115 27.7 

Viny l ester 

WF6x6x 3/ 8 2.82 0 . 089 31.7 2 . 74 0. 092 29.8 

Vinyl ester 

WF 8 x 8 x 3/8 2. 78 0 , 08 4 32 . 8 2. 79 0 .085 32 .9 

Vi ny l este r 

WF 4 x 4 x 1/ 4 3 05 0 .089 34.2 3. 14 0 . 087 36 . 0 

Polyester 

WF8x8 x 3/8 2 , 48 0.076 32 . 7 2.45 0.077 31.9 

Pol yester 

I 4 x 2 x 1/4 2.67 0. 134 20. 1 2.85 0. 130 22.0 

Polyester 

I 8 x 4 x 3/8 2 . 91 0. 132 22 . 1 3. 12 0. 124 23.5 

Po l yes ter 

TABLE 3 COMPARISON OF SECTION SHEAR MODULUS 
AND APPROXIMATE APPROACHES 

Beam AG 
" " 

AGb 

(Msi) (x 106 lbs) (x 106 lbs) 

WF4x4x 1/ 4 0 . 391 0.323 0.391 

Vinyl ester 

WF4x4x 1/4 0.291 0.257 0.291 

Polyester 

WF 8 x 8 x 3/8 0 . 330 0.733 0 . 990 

Vinyl ester 

WF 8 x 8 x 3/ 8 0.281 0.663 0.844 

Polyester 

* : taken from Ref . 15 

in the experimental program, representative values are used 
for the beam section flexural and shear moduli in this part of 
the paper. 

The frame has a height of 120 in. and a span of 144 in. and 
has moment resisting connections at the base of the columns 
and the top corners as shown in Figure 4. The columns and 
girder are WF 8 x 8 x 3/8 in. pultruded FRP beams with 
geometric properties of I= 99.18 in. 4 and A = 8.73 in. 2

• For 
comparison purposes two section anisotropy ratios are con
sidered: Eb/Cb = 5 and Eb/Gb = 40. The first represents an 
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TABLE 4 NUMERICAL DATA FOR PORTAL FRAME 
EXAMPLE 

/j 
max(girder) -0.3859 -0.5566 

0B horizontal -0.3819 -0.4B39 

0B vertical -0.0123 -0.0123 

M 
ma x( g i rder ) 59660 62657 

MA -10960 -18663 

MB -25778 -23600 

MC -75415 -71418 

MD 59402 53521 

VA : VB -123 . 5 -41 . 2 

VC 2 VD 1123 . 5 1041 '2 

o:deflectlon (in); M:bendlng moment (lb-In); V: shear force (lbs) 

isotropic beam section , whereas the second represents a highly 
anisotropic FRP beam section. As can be seen from Table 2, 
actual values of Eb/Gb range from 20.1 to 36.0. Eb is taken 
as 3.0 Msi and Gb is taken as 0.6 Msi (isotropic with ElkG 
= 5.0) and 0.075 Msi (anisotropic) . As can be seen from 
Table 2, these values fall into the range obtained for FRP 
beams. The frame is loaded with a uniform line load of 500 
lb/ft on the girder and a horizontal load of 1,000 lb at the top 
left corner of the frame as shown in Figure 4. 

The static response of the two frames, including shear and 
axial effects, was analyzed by a computer code using the stiff
ness method of matrix structural analysis . The stiffness method 
can be readily adapted to account for shear deformations 
and effects of axial loads as described in texts such as Ghali 
and Neville (/6). Shear deformation effects are often included 
in the analysis of shear wall structures and should always be 
included in the analysis of FRP structures. 

Plots of the deflected shapes are shown in Figure 5, and 
distributions of bending moments are shown in Figure 6. 
Numerical data for significant points on the frames are given 
in Table 4. The loading was fairly light yielding girder max
imum deflection ratios from L/375 to L/323. Shear defor
mation increased maximum deflection by approximately 45 
percent. Redistribution of the bending moments is seen to be 
especially significant in the columns where changes of 70 per
cent at Support A occur when shear deformation effects are 
included . Redistribution of shear forces in the columns is also 
seen. 
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DISCUSSION OF RES UL TS 
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The experimentally determined values presented here for the 
section flexural modulus and the section shear modulus are 
valid only for the pultruded FRP beams considered in this 
investigation. It is felt, however, that these moduli should be 
obtained for all standard pultruded FRP beams by the meth
odology described and should be reported by manufacturers 
in their technical data. As in the case of currently reported 
section flexural moduli, it is likely that average or minimum 
values of the section shear modulus will be reported for whole 
classes of structural elements. The experimental methodology 
is especially easy to implement and does not require partic
ularly sophisticated loading or measuring devices. If the beams 
are tested in the Llr range of 10 to 30, the methodology 
produces reliable data (confirmed by the linear regression 
correlation coefficients). The proposed procedure for char
acterizing the stiffness properties of pultruded FRP beams 
enables designers to use a shear deformation beam theory 
without having to resort to costly characterization of the ani
sotropic material. The theory is felt to be appropriate for 
structural engineers and can easily be incorporated into exist
ing stiffness matrix analysis computer codes as demonstrated 
in the rigid frame example. 
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FIGURE 6 Bending moments in portal frame. 
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The design of pultruded FRP beams for strength consid
erations is a separate topic and has not been addressed in this 
paper. Basic research is needed to gain a fundamental under
standing of local buckling and crippling failure mechanisms 
in pultruded FRP beams. For local buckling analysis of the 
flanges and the webs of pultruded FRP beams, stiffness and 
strength properties of the FRP material in these parts of the 
cross section need to be obtained from coupon tests . Although 
the section shear modulus characterization proposed in this 
paper is useful for beam deflection calculations, in-plane 
material shear modulus values are still needed for local buck
ling calculations (5). An experimental program, using the 
Iosipescu shear test fixture, was conducted to obtain in-plane 
shear modulus values for the same beams that were tested in 
full-size bending in this paper. Results of this investigation 
are reported by Bank (15). The response of pultruded FRP 
beams to long-term loads , cyclic loads, and thermal and chem
ical environments all need to be further investigated to gain 
a level of understanding that will give structural engineers 
confidence in the material. The subject of connections in pul
truded FRP structures has not been addressed in this paper. 
In the frame example, the rigid column/girder connection will 
need to be designed to provide the necessary moment carrying 
capacity. Currently, pultruded FRP nuts and threaded rods 
are available for this purpose . Connection details usually fol
low those used in steel construction. Research is needed on 
the performance of mechanical connections in full-scale FRP 
structures. 

As mentioned in the introduction, this paper has focused 
on standard pultruded FRP beams, in particular, on the l
and wide flange beams. These beams have a symmetrical cross 
section. It may well be that for strength and stability consid
erations pultruded FRP beams should have unsymmetrical 
cross sections, that is, thicker compression flanges to resist 
local buckling. In this case the trade-off between enhanced 
performance and designer confusion will have to be evaluated. 

CONCLUSION 

The analysis and design of pultruded FRP beams, including 
the effects of shear deformation, can be accomplished for civil 
engineering design purposes with the aid of a new material/ 
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structural stiffness property called the beam section shear 
modulus. This stiffness property can be obtained for standard 
pultruded beams using a test methodology that simultaneously 
gives the beam section flexural modulus. Results of tests using 
the methodology have been presented. Using these stiffness 
properties designers can realistically account for the effects 
of shear deformation in FRP beam structures. Because a large 
majority of pultruded FRP beams will be designed for ser
viceability requirements and will have short spans because of 
the relatively low stiffness of pultruded FRP beams, the need 
to account for shear effects is all the more critical if effective 
use of the material is to be accomplished. 
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