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Foreword

Lim et al. present the results of an experimental investigation of the seismic performance of
bridge columns with moment-reducing details. Tests were conducted on reinforced concrete
column specimens subjected to axial load and cycled inelastic lateral displacements. The main
parameters investigated in the testing program were different moment-reducing hinge details,
column aspect ratio, level of axial load, and low-cycle fatigue characteristics.

Schemmel and Zia conducted a study to determine the structural and economic benefits
of using high-strength (6,000 to 12,000 psi) concrete in box beams for highway bridges. The
goal was to establish a range of application of various beam designs in terms of span capacity.
For shorter span lengths, 3-ft-wide spread box beams were found to be the most cost-effective.
For longer spans, the 4-ft-wide adjacent box sections were less costly. Strand size does not
appear to significantly influence the cost of a box beam.

Malier and Pliskin report on an experimental bridge constructed of high-strength concrete
built at Joigny, France. The project is part of a national research program to verify the
bridge’s long-term behavior and durability in comparison with that of ordinary concrete
bridges. The aim of the experiment was to demonstrate the feasibility of building a typical
bridge using C 60 concrete and the unsophisticated means and materials that can be found
everywhere in France.

Tallin and Petreshock modeled two bimodal distributions. The histogram of the gross
vehicle weight (GVW) of trucks was obtained by weigh-in-motion for seven states. The life-
times based on the two models were compared with each other and with the results obtained
by assuming a single lognormal distribution. The results show that the lifetimes estimated
using the bimodal distributions differ little from one another but are significantly shorter
than the lifetimes estimated from the single lognormal distribution.

Zuraski conducted research demonstrating that ultrasonic testing procedures may be used
to determine whether cracks have been initiated within a top flange surface that is embedded
in concrete. Three Interstate highway bridges experiencing high volumes of truck traffic and
containing AASHTO Category E cover plate details were examined during 1989. Application
of the ultrasound technology is described and the results of this field investigation are pre-
sented.

Moore et al. evaluated the behavior of a 0.4-scale model of a two-span continuous plate-
girder bridge with modular precast prestressed concrete deck panels. The bridge, designed
according to Alternate Load Factor Design (ALFD), or Autostress Design, procedures,
utilized noncompact plate girders with slender webs that fall beyond the present limits of the
ALFD guide specification. A comprehensive plan was followed to subject the model to a
series of tests to evaluate specific responses at simulated AASHTO service load, overload,
and maximum load levels.

Campbell et al. conducted a laboratory study of the influences of four parameters—contact
pressure, temperature, speed of travel, and roughness of the stainless steel surface—on the
coefficient of friction at the interface between a tetrafuluorethylene (TFE) surface and stain-
less steel. It was concluded that the values of the coefficient of friction for TFE given in the
Ontario Highway Bridge Design Code follow the proper trend and are conservative, but not
unduly so, under the combination of low temperature, high speed of travel, and a rough
mating surface.

Burke discusses the use of integrated bridge construction as a response to joint-related
bridge damage caused by deicing chemicals and the restrained growth of rigid pavements.
He sees an accelerated use of integrated conversion as an effective alternative to bridge joint
rehabilitation.

Kane et al. detail the structure, site, and some factors that led to the choice of a double
leaf concrete swing bridge for the Duwammish River in Seattle.

1%



vi

Dickson and GangaRao describe the tests performed and the results of their research to
develop design guides for stressed-timber T-beam bridges. A bridge was built and a monitoring
program initiated.

Shahawy and Garcia describe the current research program of the Florida Department of
Transportation, available capabilities, and the necessary components required for successful
laboratory and field testing. A brief description of research projects where both laboratory
and field testing were utilized to develop new economical bridge systems is given.

Bein reviews relevant risk factors and presents a methodoiogy for determining vessei impact
energies and return periods for bridges located over navigable waters.

Suetoh et al. review all available data on unintended composite action in beam-and-slab
bridges and investigate the factors influencing the existence of unintended composite action
in noncompositely built beam-and-slab bridges. Test reports summarized in this paper have
shown that the existence of natural or chemical bond is the single most important factor in
determining whether a noncompositely built beam-and-slab system can be counted on to act
compositely. However, the uncertainty surrounding the presence of composite behavior and
the difficulty associated with verifying the existence of composite behavior make the assump-
tion of composite behavior in a bridge designed noncompositely a questionable one.

Roschke and Aftab enhanced and converted five bridge analysis codes to the microcomputer
environment. Bridge applications include linear elastic analysis of beam columns subjected
to movable loads, linear and nonlinear frame analyses, and analysis of bent caps and con-
tinuous beams. Seamless integration of coded modules is performed so that existing mainframe
programs become subroutines to the new microcomputer codes.
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Moment-Reducing Hinge Details for the
Bases of Bridge Columns

Kuang Y. LM, Davip [. McLeaN, aND EpwarD H. HENLEY, ]R.

Bridge foundations in seismic regions are designed to withstand
the plastic hinge moments that develop at the bases of the bridge
columns. In columns that are oversized for architectural or other
reasons, this approach results in excessively large foundations.
Various hinge details have been proposed to reduce the plastic
moments transferred to the foundation and thereby reduce the
size and cost of the foundation. The results of an experimental
investigation of the seismic performance of bridge columns with
moment-reducing details are presented. Tests were conducted on
reinforced concrete column specimens subjected to axial load and
cycled inelastic lateral displacements. The main parameters inves-
tigated in the testing program were different moment-reducing
hinge details, the column aspect ratio, the level of axial load, and
low-cycle fatigue characteristics. Columns with the moment-
reducing details exhibited stable hinging behavior, even when
subjected to repeated cycles at large displacement levels. The
hinging behavior was similar to that for a conventional column
with the same hinge dimensions and reinforcement. Flexure dom-
inated the behavior of all the columns in this study, including
those with an aspect ratio of 1.25. The level of axial load had
only a limited effect on the behavior of the columns, with the
moment-reducing details due to the confinement provided around
the hinge region by the outer architectural column.

Bridge foundations in seismic regions are designed to with-
stand the plastic hinge moments that develop at the bases of
the bridge columns. In columns that are oversized for archi-
tectural or other reasons, this approach results in excessively
large foundations. Various hinge details for the bases of col-
umns have been proposed, principally by bridge designers in
the seismically active regions of the western United States,
to reduce the plastic moments transferred to the foundations
and thereby reduce the size and cost of the foundation.

The basic concept inherent in the modified hinge details is
to provide a reduced moment capacity in the plastic hinging
region at the bases of the columns. This is accomplished by
placing a layer of easily compressed material at the base of
the column, which provides partial discontinuity between the
column and the footing. The discontinuity results in a smaller
effective cross section at the column base and, thus, a reduced
hinge capacity in the column. To a great extent, the modifi-
cations that have been suggested have been based on engi-
neering judgment, and the behavior and safety of the moment-
reducing details have not been fully established.

K. Y. Lim and D. I. McLean, Department of Civil and Environ-
mental Engineering, Washington State University, Pullman, Wash.
99164-2910. E. H. Henley, Jr., Bridge and Structures Branch, Wash-
ington State Department of Transportation, Transportation Building
KF-01, Olympia, Wash. 98504.

The results of an experimental investigation of the seismic
performance of bridge columns with moment-reducing hinge
details are presented. The hinge details investigated in this
project are shown in Figure 1. Tests were conducted on rein-
forced concrete column specimens subjected to axial load and
cycled inelastic lateral displacements. The main parameters
investigated in the testing program were different moment-
reducing hinge details, column aspect ratio, level of axial load,
and low cycle fatigue characteristics.

EXPERIMENTAL PROGRAM

Reinforced concrete scale models of bridge columns were
tested with different moment-reducing hinge details. The test
specimens consisted of a single column member connected at
the base to a rectangular footing. The specimens were sub-
jected to increasing levels of cycled inelastic displacements
under a constant axial load and were deflected in single cur-
vature.

Experimental tests were performed on small-scale speci-
mens of approximately Y20 scale and moderate-scale speci-
mens of approximately % scale. More than 50 small-scale
specimens were tested. The small-scale tests provided a cost-
efficient parametric study and also guided the selection of the
parameters for the large-scale tests. Nine Ys-scale specimens
were tested. The larger, Ys-scale tests resulted in a more real-
istic representation of the hinging behavior in actual bridge
columns, and size effects were reduced when compared with
the small-scale tests. Only the Ys-scale test procedures and
results are discussed in this paper. A detailed discussion of
the test procedures and results for the small-scale study may
be found elsewhere (/).

Test Specimens and Parameters

The test specimens were arranged in pairs: one specimen
incorporated a hinge detail providing only horizontal discon-
tinuity (CA detail) and the other specimen incorporated a
hinge detail providing both vertical and horizontal disconti-
nuity (WA detail). These details are shown in Figures 1a and
1b. The discontinuities between the column and the footing
are provided by a layer of easily compressed material at the
base of the column. Because only horizontal discontinuity is
provided in the CA detail, the plastic hinging action in a
column with this detail will be largely concentrated along a
horizontal plane at the interface between the column and the
footing. Both horizontal and vertical discontinuity are pro-
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FIGURE 1 Hinge details investigated.

c) CON detail

vided in the WA detail, with the objective of distributing the = 48 =
plastic stresses over a greater vertical length. il
The testing program was carried out on four specimens e |e"_....‘
incorporating the CA detail, four specimens incorporating the
WA detail, and one reference or control column consisting - T
of a column with the same dimensions and reinforcement as 28 18"
the hinge connection of the columns incorporating the moment-
reducing hinge details (CON detail). Dimensions and rein- _L
forcement for a typical column specimen are shown in
Figure 2.
Two column height-to-width ratios were investigated in the
study: 1.25 and 2.5 measured with respect to the architectural
column. The height of the architectural column, H, was varied bl Rl / 32186 LONGITLDINAL
Khlle the cross-sectional d1men§1ons of the Folumn, D, V\{ere? - ——-lL— = | NO. 3 TIES AT 6"0.C.
ept constant. Two levels of axial compression were studied: == == /
PI(flA.) = 0.24 and 0.35, where A. is the cross-sectional area I__ _l_.(:r
of the hinge connection measured out-to-out of the spiral. On S SRRSBTECTURAL
the basis of actual designs of the moment-reducing hinge details '_ e COLUMN
and the results of the small-scale experimental study, a hinge | | [
longitudinal reinforcing ratio of 7.2 percent referenced to the H (VARIES) B 7
area of the hinge connection and a hinge spiral reinforcing t_—_;' 7 8 NO.4 LONGITUDINAL
ratio of 1.5 percent were selected for use in all specimens. [ es ;—q/BARS
The thickness of the horizontal discontinuity joint in the 1 -1:-1;—:%
test specimens was 0.5 in. For the WA hinge detail, a vertical " Lo e o 9 GAGE SPIRAL
discontinuity joint with a height of 6 in. was also provided. 18 l_ .,l:,.__ - It PITCH = 7/8
On the basis of results from the small-scale tests, the hori- I "'E){i DISCONTINUITY
zontal joint thickness in both hinge details was increased to I V’E:—;hl #/%IQYT)(DETMLS
1.0 in. at the outer edges of the column to allow the hinge to Lot 2
rotate without having the top of the footing contact the archi- I G ‘l':-j‘_'_ R
tectural column edge. The small-scale study indicated that F--7
hinge performance is independent of the shape of the archi- 24" _":::--:"‘" 5.33"DIA
tectural column if contact between the column edge and the F,Z'—-

footing is prevented. The discontinuity joints for columns with
the CA and WA details are shown in Figure 3.

A summary of the details of the specimens of the testing
program is given in Table 1.

|

A CmmemTm

i ..

FIGURE 2 Typical dimensions and reintorcement of the
column specimens.
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FIGURE 3 Hinge details before casting of the columns.

Materials

The concrete used in the specimens was a Washington State
Department of Transportation Class AX mix (a typical mix
used for bridge construction in Washington State). The con-
crete consisted of portland cement Type I/I1, sand, river gravel
coarse aggregate with a maximum size of % in., water reducer,

TABLE 1 SUMMARY OF THE TESTING PROGRAM

and an air-entraining agent. The mix resulted in an average
compressive strength, measured at 28 days, of 5,000 psi.

Longitudinal reinforcement in the hinge region of the col-
umn specimens consisted of No. 4 ASTM Grade 60 reinforcing
bars with a measured yield strength of approximately 65 ksi.
Spiral reinforcement was provided in the hinge connection
using 9 gauge (0.147-in.-diameter) ASTM A82 smooth bars
with a measured yield strength of approximately 90 ksi.

The discontinuity joints were commercially manufactured
preformed expanded polystyrene.

Test Apparatus, Instrumentation, and Procedures

After curing for approximately 28 days, the footing of a spec-
imen to be tested was anchored to a laboratory strong floor.
Axial force was first applied to the top of the column using
a 55-kip actuator operated in force control. Axial forces were
maintained at a constant level during a test. Lateral force was
then applied slightly below the top of the column using a 22-
kip actuator operated in displacement control. An analog
signal of a prescribed ramp function was generated using a
personal computer and sent to the servocontroller of the
actuator. Figures 4 and 5 show the test setup.

Actuator loads and displacements were monitored during
the tests. Linear variable displacement transformers (LVDTs)
were mounted to the sides of the columns to measure the
rotation of the column base. Strain gauges were used to mon-
itor the strains in the longitudinal and spiral reinforcement
within the hinging region. All data were recorded intermit-
tently on the same personal computer used to generate control
signals for the horizontal actuator.

The determination of the yield displacement, Ay, and the
loading sequence was similar to the procedures used by Pries-
tley and Park, Ang et al., and Park and Blakely (2—4). How-
ever, on the basis of preliminary tests, it was found that the
ultimate moment capacities and stiffnesses, and hence the
yield displacements, varied in columns with different details.
In order to better compare the hinging behavior of columns
with the CA and WA details, it was decided that parallel sets
of columns would be subjected to the same displacement his-
tory. Thus, the same displacement value was defined as the
yield displacement for columns incorporating different hinge

Specimen Variable Aspect Axial Yield Measured Measured Maximum Applied
No. Studied Ratio Load Displacement Yield Moment Peak Moment Shear Load
(H/D)  (P/f' AL (in.) (in.-kips) (in.-kips) (kips)
CA1 aspect ratio 2.50 0.24 0.30 181 270 6.0
WA1 " 2.50 0.24 0.30 133 212 4.7
CON2 hinge detail - 0.24 0.15 93 209 9.3
CA2 " 1.25 0.24 0.15 162 279 12.4
WA2 " 1.25 0.24 0.1 142 250 11.1
CA3 axial load 1.25 0.35 0.15 166 277 12.3
WA3 LU 1.25 0.35 0.15 135 240 10.7
CA4 loWw-cycle fatigue 1.25 0.24 0.15 138 271 12.0
WAL n 1.25 0.24 0. 130 236 10.5

* circular control column with the same height as Units CA2 and WA2



FIGURE 4 Test setup.

details but with the same aspect ratio. The typical loading
sequence used for the tests was two cycles at displacement
ductility factors (i.e., multiple values of Ay) of u = 1, 2, 4,
6, 8, 10, and 12. Figure 6 shows the typical loading sequence.

RESULTS AND DISCUSSION

A summary of the test results for all specimens is presented
in Table 1. Column performance was evaluated with respect
to the moment capacity and displacement ductility attained,
the overall hysteresis behavior, and degradation and energy
dissipation characteristics. Rather than a discussion of the
results for each specimen individually, results for groups of
specimens are presented to facilitate correlation of the influ-
ence of various parameters with column pertormance and to
obtain behavioral trends.

! '
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FIGURE 5 Schematic drawing of the test setup and reaction
tframe.
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General Behavior

Tests were performed on columns incorporating a WA detail
(Unit WA2), a CA detail (Unit CA2), and a circular control
column (Unit CON2) with the same dimensions and rein-
forcement as the inner hinge of the modified columns. These
columns were subjected to an axial load level of 0.24fA ., and
the columns had an aspect ratio of 1.25. The load-displacement
hysteresis curves for Units WA2, CA2, and CON2 are shown
in Figures 7, 8, and 9, respectively. The lateral loads presented
are the true lateral loads on the specimens, including P-A
effects and secondary effects from the axial load. The hys-
teresis curves for all three specimens show excellent stability
even at displacement levels of p = 12. No evidence of any
sudden drop in load-carrying capability was observed, and the
plastic hinges continued to absorb energy throughout the tests.

Figure 10 shows the plots of the shear strength envelope
curves for these columns, which is obtained by plotting the
maximum shear force attained at each peak displacement level
with respect to that displacement. For Units WA2 and CA2,
very little degradation in strength is observed. However, some
degradation can be seen in Unit CON2 begining after p =
4. Also from Figure 10, it can be seen that Unit CA2 exhibited
the greatest stiffness and Unit CON2, the least stiffness. Two
reasons can be cited for the difference in stiffness observed
in these specimens. First, the elastic stiffness of the control
column is less than that of the architectural columns with the
moment-reducing details. Second, the moment-reducing details
may have the effect of “pinching” the rebar crossing the inter-
face between the column and the footing, particularly with
the CA detail, thereby introducing larger strain values in the
longitudinal reinforcement of the moment-reducing details.
Readings from strain gauges mounted on the longitudinal bars
at the bases of the columns indicated that the strains were
consistently higher in Units CA2 and WA2 than in Unit CON2
for the same level of displacement. The largest strain values,
for the same level of displacement, were recorded in
UnitCA2.

Effects of Column Aspect Ratio

To evaluate the effects of column aspect ratio on the behavior
of the modified hinges, test results for columns with aspect
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FIGURE 9 Lateral load-displacement hysteresis curves for Unit CON2.

in strength occurred in the columns with the higher aspect
ratio, particularly for the column with the WA detail. It can
also be seen that the drop in strength from the first to the
second cycle of loading for the columns incorporating the CA
detail was approximately constant for the two aspect ratios.
However, the drop was greater in the shorter column incor-
porating the WA detail.

Effects of Axial Load Level

To examine the effect of the axial load levels on the modified
column performance, Units WA2 and CA2 and Units WA3
and CA3 were tested with axial load levels of 0.24f A, and
0.35f.A,, respectively. The hysteresis curves for Units WA3
and CA3 are shown in Figures 15 and 16, respectively. Com-
paring these hysteresis curves with those for Units WA2 and
CA2, it can be seen that there is only a small difference

13.00

cA2, 15t
12.00 - o —— 1
11,004 e T WAZ, 18t
7 19:00 4 WAZ, ond
.2 g9.00- e e ~~~-—_ . CON2, 18t
N -
~  8.004 CON2, 2nd
-8 7.00 4 cycle
S 6.00-
S 5.00
—
3 4,004
S 3004
2,00 -
1.00
o0 b
o 1 2 3 4 5 6 7 8 9 10 11 12 13 14 15

Displacement Ductility Factor, u

FIGURE 10 Shear strength envelope curves for Units CON2,
WA2, and CA2.

between the curves for the specimens with the WA details,
and there is virtually no difference in the curves for the spec-
imens with the CA details.

Figures 17 and 18 show the shear strength envelope curves
for Units WA2 and WA3 and Units CA2 and CA3, respec-
tively. In the columns with the WA detail, the larger axial
load resulted in a greater drop in strength. In the columns
with the CA detail, axial load seemed to have little effect on
the strength. The reason that these columns are relatively
unaffected by axial load level may be the considerable con-
fining effect provided around the hinge region by the outer
architectural column, particularly with the CA detail.

Effects of Low-Cycle Fatigue

Tests were performed on Column Units WA4 and CA4 to
evaluate the low-cycle fatigue characteristics of the moment-
reducing hinge details. Both units were cycled to a displace-
ment level of p = 10 and then subjected to multiple cycles
at this displacement level. The hysteresis curves for Units
WA4 and CA4 are shown in Figures 19 and 20, respectively.
For both specimens, very little degradation occurred after the
completion of the second cycle at w = 10. The hinges con-
tinued to exhibit stable plastic behavior even after being cycled
up to 16 times at this displacement level.

Repeatability of Results

Units WA4 and CA4 were constructed identically to Units
CA2 and WA2. The two sets of columns were also loaded
identically through two cycles of loading to a displacement
ductility level of . = 10. Hence, comparing the results from
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FIGURE 7 Lateral load-displacement hysteresis curves for Unit WA2.

ratios of 2.5 (Units WA1 and CA1) and 1.25 (Units WA2
and CA2) were compared. The hysteresis curves for Units
WAL and CAl are shown in Figures 11 and 12, respectively.
The hysteresis curves for the specimens with the higher aspect
ratio are similar to those for the shorter specimens, indicating
that flexure dominated the behavior of both sets of specimens.
IHowever, it can be seen in the plots that the curves for Unit
CA1 are somewhat narrower than those for Unit WA, indi-
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cating decreased energy dissipation characteristics in the col-
umn with the CA detail.

The shear strength envelope curves for Units WAL and
WAZ2 and Units CAl and CA2 are shown in Figures 13 and
14, respectively. To account for the different lateral load levels
associated with columns of different heights, the shear force,
V, is plotted normalized with respect to the yield shear force,
V. It can be seen in Figures 13 and 14 that greater degradation
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FIGURE 8 Lateral load-displacement hysteresis curves for Unit CA2.
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FIGURE 11 Lateral load-displacement hysteresis curves for Unit WAL.
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FIGURE 12 Lateral load-displacement hysteresis curves for Unit CAIL.
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FIGURE 13 Shear strength envelope curves for Units WA1
and WA2,

these columns provides a measure of the repeatability of the
test results. The shear strength envelope curves for Units
WA?2 and WA4 and Units CA2 and CA4 are shown in Figures
21 and 22, respectively. It can be seen that there is close
agreement between the results from the two sets of tests.

Comparison of Energy Dissipation Characteristics

The energy dissipated by a column during a particular load
cycle is represented by the area enclosed by the load-
displacement hysteresis curve. The energy dissipated by a
perfectly elastoplastic system during a complete displacement
cycle, as shown in Figure 23, is the area of the parallelogram
BCDE. For a particular displacement ductility factor, w, the
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FIGURE 14 Shear strength envelope curves for Units CA1
and CA2.

ideal plastic energy dissipated, E,, can be computed as
E, = 4(n — HV,A,

where V, is the maximum shear force attained at that dis-
placement level (3).

In order to evaluate quantitatively the energy dissipation
capability of the various hinge details, the measured energy
dissipation was divided by the E,-value of the column for the
same displacement ductility factor. This ratio will be referred
to as the relative energy dissipation index. Plots of E/E, values
versus the displacement ductility factor, w, for Units WA2,
CA2, and CON2 are shown in Figure 24. The low values of
E/E, at .. = 2 and p. = 4 for the control column, Unit CON2,
are due to the inexactness in defining the actual yield dis-
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FIGURE 15 Lateral load-displacement hysteresis curves for Unit WA3.
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FIGURE 16 Lateral load-displacement hysteresis curves for Unit CA3.

placement in the different columns, with the result that the
response of Unit CON2 is still largely elastic at these dis-
placement levels. It can be seen in Figure 24 that the energy
dissipation effectiveness is greatest for Unit CON2 and least
for Unit CA2. The reduced effectiveness in the columns with
the moment-reducing details may be due to a confining of the
plastic action (i.e., reduction in length over which the plastic
hinge is developing) at the base of the column, particularly
for the CA detail.

SUMMARY AND CONCLUSIONS

The following observations and conclusions were made about
the major variables investigated in this study.
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FIGURE 17 Shear strength envelope curves for Units WA2
and WA3.

1. When subjected to cycled inelastic displacements under
constant axial load, the columns of this study with moment-
reducing plastic hinge details, both those with the WA detail
and those with the CA detail, displayed a hinging behavior
that was very similar to the hinging behavior of an unmodified
column with the same dimensions and reinforcement. Even
at displacement levels of w. = 12, the columns exhibited stable
load-deflection hysteresis curves and continued to absorb
energy.

2. Columns with the CA moment-reducing detail developed
larger strain values in the longitudinal bars for the same level
of displacement than did the columns with either the WA
moment-reducing detail or the unmodified (control) detail.
In addition, columns with the CA detail had lower energy
dissipation effectiveness compared with the effectiveness of
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FIGURE 18 Shear strength envelope curves for Units CA2
and CA3.
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FIGURE 19 Lateral load-displacement hysteresis curves for Unit WA4,

the columns with the other details. Both the larger strain
values and the lower energy dissipation effectiveness may be
a result of a confining of the plastic hinging action in the
columns with the CA detail.

3. Flexure dominated the behavior of all the columns of
this study, including those with an aspect ratio of 1.25. How-
ever, the lower aspect ratio resulted in a greater drop in

strength between the first and second cycle of loading at a
particular displacement level in the columns with the WA
detail.

4. Increasing the magnitude of the axial load by approxi-
mately 50 percent resulted in a slightly greater degradation
of shear strength in the columns with the WA detail. How-
ever, the columns with the CA details were unaffected by the
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FIGURE 20 Lateral load-displacement hysteresls curves for Unit CA4.
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FIGURE 21 Shear strength envelope curves for Units WA2
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FIGURE 22 Shear strength envelope curves for Units CA2 and
CAd.

increased axial load. This lack of effect was attributed to the
confinement provided around the hinge by the outer archi-
tectural column.

5. In the low-cycle fatigue tests, no evidence of distress was
observed in the columns with either the WA or CA details
when units were cycled up to 16 times at a displacement level
of p = 10.
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Use of High-Strength Concrete in
Prestressed Concrete Box Beams for

Highway Bridges

JOHN J. SCHEMMEL AND PAUL ZiA

A study was conducted to determine the structural and economic
benefits of using high-strength (6,000 to 12,000 psi) concrete in
box beams for highway bridges. The goal was to establish a range
of application of various beam designs in terms of span capacity.
The study focused on long-span, simply supported, prestressed
concrete box beams. The application of high-strength concrete
was investigated in two ways. First, high-strength concrete was
substituted for normal-strength concrete in the design of standard
beam sections. Second, to improve structural performance, mod-
ifications were made to the geometry of the standard beams in
conjunction with use of the high-strength material. In both cases
a parametric study was performed to identify the most structurally
efficient designs. Results indicate that the maximum attainable
span of the box beam can be significantly increased by using high-
strength concrete in conjunction with a modified internal void
shape. In addition, attainable span lengths were generally longer
and had '2-in. rather than 0.6-in. strands for the beam sections
studied. Those designs found to provide the greatest structural
benefit were subsequently examined for their relative cost-
effectiveness. Comparisons were made on the basis of a total
superstructure cost per square foot of bridge deck. For shorter
span lengths, spread box beams 3 ft wide were found to be the
most cost-effective. For longer spans, the 4-ft-wide adjacent box
sections were less costly. Strand size does not appear to signifi-
cantly influence the cost of a box beam.

A recently concluded study (Z) conducted for the North Car-
olina Department of Transportation (NCDOT) examined the
use of high-strength concrete in highway bridge applications.
Interest in such research stemmed from the need for long-
span bridges in the coastal regions of the state, as well as a
recognition of the potential structural and economic advan-
tages of high-strength concrete.

Long-span bridges are often necessary in coastal areas in
order to ensure that navigational requirements are met. Gen-
erally, steel bridges are used for most long-span installations
along the coast of North Carolina, because reinforced and
prestressed concrete bridges have not been found to be as
economical. However, steel superstructures are particularly
susceptible to corrosion in this environment; thus they require
frequent maintenance.

The use of high-strength concrete in a highway bridge struc-
ture offers many benefits and advantages. From a structural
viewpoint, span lengths can be increased and dead loads reduced

J. J. Schemmel, 4190 Bell Engineering Center, Department of Civil
Engineering, University of Arkansas, Fayetteville, Ark. 72701. P.
Zia, Box 7908, Department of Civil Engineering, North Carolina
State University, Raleigh, N.C. 27695.

with the use of lighter and more slender cross sections. In
terms of serviceability, durability is improved and deflections
may be reduced because of the increase in stiffness. From the
standpoint of overall economy, total project costs may be
reduced because fewer elements are required.

Realizing that the advantages of high-strength concrete could
be directly applied to design situations in the state, NCDOT
initiated a research project to assess the extent to which this
material might prove beneficial in highway bridge construc-
tion. This project examined both standard and modified gir-
der, beam, and pier elements. Results () for the girder and
pier elements considered were similar to the findings of others
(2,3). Because of space limitations, only the findings relative
to the box beams are presented.

OBJECTIVE

The primary focus of this investigation was the use of high-
strength concrete in the girder and pier systems of a simple
stringer-type bridge. The main objectives were to identify the
structural and economic benefits of utilizing concrete with a
compressive strength between 6,000 and 12,000 psi in these
types of structural elements. This was to be accomplished by
first establishing the range of application for various girder
and pier designs in terms of their span length and axial load
capacity, respectively. Then the cost-effectiveness of selected
designs was evaluated by comparing their cost of construction.

APPROACH

Parametric studies were conducted to identify those box beam
designs that provided the greatest structural benefits. The
study was confined to simply supported, precast, pretensioned
members. In addition to the standard AASHTQ box beams,
a number of modified sections were investigated. The box
beams were evaluated for their maximum span length and the
number of prestressing strands required for any given span.
High-strength normal-weight concretes of 6,000, 8,000, 10,000,
and 12,000 psi at 28 days were considered.

In order to identify the most cost-effective box beams, an
economic study was made for those designs that had dem-
onstrated superior structural benefits. The beams were eval-
uated on the basis of a total cost per square foot of deck over
a range of spans. Unit costs for materials and labor were
estimated using data from a number of sources.
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On the basis of the results of the parametric and economic
studies, recommendations were made regarding the most ben-
eficial beam designs.

PARAMETRIC STUDY

The goal of this study was to determine the effect of various
structural parameters, such as concrete strength and cross-
sectional shape, on the span capacity of a box beam. To
accomplish this, a detailed flexural analysis was performed
on each of the beam designs considered. To facilitate this
effort, computer programs were developed to handle the input,
analysis, and output.

Program Development

The following is a brief overview of the analysis process used
in this study. A more detailed description of the computer
programs can be found elsewhere (7).

In the parametric study each analysis began by using the
preprocessing routine to define the geometric and material
properties of the structure to be analyzed. This included data
relative to the bridge cross section, beam cross section, con-
crete and steel material properties, prestressing strands, load-
ings, and deflection limits. An important feature of this rou-
tine is the option to select a standard box beam shape or
directly define a cross section for analysis.

The flexural analysis itself begins with the computation of
the cross-sectional properties, loads, and moments. A general
strand pattern, which is used in the placement of the pre-
stressing strands, is also established at this point. Then an
incremental or iterative process is invoked to determine the
maximum span length of the beam, along with the relationship
between span length and the required number of prestressing
strands. With each increment in span, strands are added to
the cross section as necessary until the extreme fiber stresses,
ultimate strength, minimum reinforcement, and deflection
requirements (when specified) are satisfied. Checks are made
at both mid-span and span ends. The initial camber and live
load deflection were computed for all beam designs. Although
no limits were specified in either case, the deflections were
not found to be excessive. The span length is continually
increased in small increments until at least one design criterion
can no longer be satisfied, regardless of the number of pre-
stressing strands added to the section. The analysis is then
terminated. Data generated by the flexural analysis are sent
to the postprocessing routine to be formatted and printed.
Pertinent data are also stored for use in the subsequent cost
analysis.

In general, the flexural analysis routine conforms to the
latest AASHTO (4) and NCDOT (5) design specifications.
Before this routine was written, it was necessary to determine
which parts of these specifications, if any, required modifi-
cation to account for the use of higher-strength concretes. It
was concluded, after an extensive review of the literature,
that the majority of the AASHTO and NCDOT specifications
still applied to the design of a prestressed box beam when
high-strength concrete was used. The most notable differences
between normal and high-strength concrete related to the
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modulus of elasticity, modulus of rupture, and in some cases
the creep of concrete. The equations recommended by ACI
Committee 363 (6) for the modulus of elasticity (E,) and
modulus of rupture (f,) were used in this study. These equa-
tions are

E,
£

40,000(f)" + 1,000,000 psi (1)

11.7(f)* psi )

Some uncertainty remains regarding the creep of high-strength
concrete. Although many studies report less creep with high-
strength concrete, the effect of this on the loss of prestress
has not been fully established. For this study it was assumed
that the specific creep (creep strain/psi) would remain nearly
the same as that for normal-strength concrete, because large
prestressing forces would be required in some cases. There-
fore, the prestress loss due to creep was based on the current
AASHTO (4) equation. The AASHTO (4) equations for losses
due to elastic shortening, shrinkage, and stress relaxation were
also used. For shrinkage, the relative humidity was taken as
75 percent.

Scope

A typical 36-ft-wide bridge with two 12-ft traffic lanes, a cast-
in-place deck, and standard New Jersey barriers was used in
this study. The primary variables examined were the beam
cross section, beam spacing, strand diameter, and concrete
compressive strength.

The eight standard AASHTO box beams were investigated.
A typical beam cross section is shown in Figure 1. These
sections are either 3 or 4 ft wide with a depth that varies
between 27 and 42 in. The shape, size, and location of the
internal voids are such that thickness of the walls remains
unchanged for all members. In addition to the standard shapes,
two sections with modified internal voids were considered.
The modified cross sections are shown in Figures 2 and 3.
Type A has a bottom flange that is larger than the standard
beam, as well as a thinner web. This cross section permits
two rows of prestressing strand across the bottom. Type B
has a wider web, which permits two columns of strand, and
a slightly thicker bottom flange.

Both adjacent and spread box beam designs were investi-
gated. For the spread box beams, only an 8-ft spacing was
considered. This was in part because of the limits on spacing
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FIGURE 1 Standard AASHTO bridge box beams.
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FIGURE 2 Modified Type A bridge box beams.

indirectly imposed by the AASHTO equations for the live
load distribution factor. A 4-in. deck with No. 5 bars spaced
at 8 in. on center was used with the adjacent beam designs.
For the 8-ft beam spacing, a 7.5-in. deck with No. 5 bars
spaced at 6 in. on center was specified.

Both %- and 0.6-in. diameter seven-wire prestressing strands
were used in the designs. (The authors recognize that cur-
rently there is a lack of sufficient information on the devel-
opment length of the 0.6-in. strand.) Only low-relaxation Grade
270 strands were considered. A standard 2-in. grid was used
in positioning the Y2-in. strand, and a 2.5-in. grid was used
for the 0.6-in. strand. An outside cover of 2 in. was used in
all cases. To ensure that stresses did not become excessive,
strands were assumed to be sheathed, as necessary, to prevent
bonding and force transfer near the ends. In addition, two
strands were located near the top fiber of each section, in
order to control transportation and erection stresses.

Four combinations of release and 28-day concrete strengths
were considered in this study. Release strengths varied from
4,000 to 7,000 psi in 1,000-psi increments. The corresponding
28-day strengths ranged from 6,000 to 12,000 psi in 2,000-psi
increments. A study conducted at North Carolina State Uni-
versity (7) indicated that these strengths could be achieved
by using locally available materials.

Other pertinent design assumptions included the following:

1. Flexure was assumed to govern the design of the beams.
Shear was not examined. Erection camber and live load
deflections were computed.

2. The bridge deck was assumed to develop full composite
action with the beams in resisting any superimposed loads. In
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FIGURE 3 Modified Type B bridge box beams.
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computing the section properties of the composite beam, the
deck thickness was reduced by % in. to allow for wearing of
the deck.

3. A typical interior beam was used to determine the
effective flange width and the magnitude of the superimposed
loads.

4. The live load was the HS20 truck or lane load, whichever
governed. (It is recognized that HS25 loading has replaced
HS20 in some states. However, this is not the case in North
Carolina.) The weight of the future wearing surface was taken
as 20 psf. The dead weight of the barriers was distributed
equally to all beams.

5. Prestress losses were computed according to NCDOT
specifications. The loss due to concrete shrinkage was taken
as 5,750 psi, which corresponds to 75 percent relative hu-
midity.

6. The allowable tensile stress in the precompressed tensile
zone was taken as 0 psi because of exposure to a corrosive
marine environment.

7. Two intermediate diaphragms placed at the one-third
points were used for all sections and span lengths.

Results

In most cases, the maximum span capacity of a beam increased
as the concrete strength was increased. Relative to that for
6,000-psi concrete, the increase in maximum span ranged from
0 to 25.8 percent for the individual beam designs investigated.
Table 1 gives the average percent increase in maximum span
for all standard 3- and 4-ft-wide beams and both strand diam-
eters. It is clear from these data that when 0.6-in. strands are
used, there is no advantage to using a compressive strength
greater than 8,000 psi. However, with 4-in. strands, the max-
imum span length increased with the concrete strength, up to
10,000 psi. If the compressive strength is increased further to
12,000 psi, there is only a slight additional benefit.

In addition, the form of the relationship between span length
and number of strands remains essentially the same as the
concrete strength is increased. This can be seen in Figure 4

TABLE 1 PERCENT INCREASE IN SPAN LENGTH FOR
STANDARD SECTIONS

Average Increase in Maximum Span Over
that for 6,000 psi Concrete

Concrete 1/2" 0.6"
Strength Strand Strand
(psi) (%) (%)
3 Foot Beams
8,000 12.4 4.6
10,000 17.8 4.6
12,000 18.3 4.6
4 Foot Beams
8,000 12.2 3 5
10,000 16::9 3.5
12,000 1743 3.5
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FIGURE 4 Span capacity curves for both Y2- and 0.6-in.
strands: AASHTO BIV36 adjacent box beams.

where, for an AASHTO BIV36 box beam, span-versus-strand
curves are plotted for each concrete strength and both strand
diameters. The maximum span length associated with each
level of strength is identified on these curves. The plots show
that a compressive strength is most beneficial within the range
between its own maximum span and that of the next lowest
strength.

Figure 4 also displays the main advantage of using 0.6-in.
strands in box beams: Fewer 0.6-in. than %z-in. strands are
required for the same span length. The difference in the num-
ber of strands required varies quite a bit with the span length
and the cross section of the beam. However, for an otherwise
similar design, maximum span lengths tend to be shorter with
0.6-in. strands.

In Figure 5, span-versus-strand curves are plotted for all of
the standard box beams for the case of adjacent beam spacing,
Y-in.-diameter strand, and 12,000-psi concrete. These plots
show that the 4-ft-wide sections require more strands per
beam than do their 3-ft-wide counterparts for the same span.
Nonetheless, the total number of strands required for the
bridge will be less with the 4-ft sections because fewer mem-
bers are needed when adjacent box beams are used. Also,
the total volume of concrete is less with the 4-ft beams in this
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FIGURE 5 Span capacity curves for all standard box beams
(f. = 12,000 psi; strand diameter = % in.).
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case. When an 8-ft beam spacing is used, the 3-ft-wide sections
require fewer strands per beam, fewer total strands for the
bridge, and less concrete.

Both of the modified sections considered in this study pro-
vided additional benefits over their parent box beams. The
Type A sections were the most effective in almost every case.
Relative to the parent beam, increases in the maximum span
up to 29.7 percent were observed with the Type A section.
Table 2 gives, for each level of concrete strength and both
strand diameters, the average percent increase in maximum
span for the Type A beam over that for the standard beams.
The data indicate that the benefits of the modified sections
increase with the concrete compressive strength. Itis also clear
that 0.6-in. strands can be used to greater advantage with the
Type A sections than with the parent beams. A comparison
of the span-to-strand relationships for the standard and mod-
ified sections also shows that, in general, the Type A sections
reach longer span lengths and require fewer strands. Figure
6 shows the span-versus-strand curves for the standard and
modified AASHTO BIII48 beams. In addition to the above,
the Type A beams have a smaller cross-sectional area than
does their parent section.

On the basis of the findings from this study, only the mod-
ified box beams were considered in the economic study, because
they clearly provided the greatest structural benefits.

ECONOMIC STUDY

Although the constituent materials and production methods
are essentially the same as those used for normal-strength
concrete, high-strength concrete is generally a more costly
material. This is primarily because of the increased material
quantities and more stringent quality control procedures.

TABLE 2 PERCENT INCREASE IN MAXIMUM SPAN FOR
MODIFIED TYPE A SECTIONS

Average Increase in Maximum Span Over
that for the Standard Section

Concrete 1/2n 0261
Strength Strand Strand
(psi) (%) (%)
3 Foot Beams
6,000 23 4 42
8,000 4.0 12.8
10,000 Bud 20.0
12,000 10.1 21.9
4 Foot Beams
6,000 0.0 3.1
8,000 Iwl 137
10,000 4.6 20.8
12,000 9.5 23.4
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FIGURE 6 Span capacity curves for the standard and
modified BIII48 hox beams (f, = 12,000 psi).

Nonetheless, high-strength concrete can still be an economical
construction material because of the structural benefits that
can be realized with its use. In order to determine the cost-
effectiveness of using high-strength concrete in prestressed
box beams, an economic study was made of a number of
selected beam designs.

Approach

When the economy of a beam design is evaluated, the overall
cost of the bridge superstructure should be considered rather
than the cost of a single beam element. This is important
because the use of high-strength concrete in a box beam can
influence other aspects of a bridge design. For this study, the
superstructure was assumed to consist of only the bridge deck
and the prestressed box beams. Components whose costs would
be common for all bridge designs, such as the barrier rails,
diaphragms, and future wearing surface, were not considered.

The cost-effectiveness of the modified box beams was eval-
uated by preparing a set of cost curves for each beam. These
curves were created with the aid of a computer program writ-
ten for this study. Using data from the parametric study as

g 75 &+ 3'- Bksi
g' - 3'- 8ksi
& -+ 3'-10 ksi
% 65[ =+ 3'-12ksi
8 = 8- 6ksi
o - 8'- 8ksi
g °°f -+ 8- 10ksi
?,- T — 8'-12ksi
2

g 45 ( |dealized Cost Curve

@

3‘5 1 L 1
50 70 90 110 130

Span Length (ft)

FIGURE 7 Cost curves for the BII36A modified beam with
Y2-in. strand.
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well as the specified unit costs for materials and labor, a total
superstructure cost per square foot of bridge deck was com-
puted for each increment in span length up to the maximum
span. A total superstructure cost curve was developed for
each combination of concrete strength, beam spacing, strand
diameter, and beam cross section examined. Figure 7 shows
the superstructure cost curves for an AASHTO BII36A beam
with Y2-in. strands. By connecting the points of least cost, an
idealized cost curve can be created for the box beam. This
approach eliminates the compressive strength and beam spac-
ing as variables from the economic analysis. Idealized cost
curves were created for each of the modified box beams and
both strand diameters. A somewhat similar approach was used
by Rabbat et al. (2) in their study of bridge girders.

By comparing the idealized curves, the most economical
beam designs were identified as those being the least costly
over a range in span length.

Unit Costs

The primary materials used in the construction of a typical
superstructure include normal-strength concrete and mild steel
reinforcement for the bridge deck. The box beams require
high-strength concrete, internal void material, sheathing, mild
steel reinforcement, and prestressing strands. Labor costs should
account for the setup and removal of formwork; placement
of the reinforcement and prestressing strands; tensioning of
the strands; mixing, placement, finishing, and curing of the
concrete; quality control testing; storage; transportation; and
erection. In addition to the material and labor charges men-
tioned, there are the indirect costs of overhead and profit to
be considered.

In order to simplify the economic analysis, only those items
listed below were included in the computation of the total
cost for a superstructure:

1. Normal-strength concrete and primary flexural steel for
the bridge deck,

2. High-strength concrete and prestressing strands for the
box beams,

3. Labor charges for the production and placement of the
concrete, and

4. Labor charges for the placement of the reinforcement or
prestressing strands.

It was necessary to establish a typical, or average, unit cost
for each of the items listed above. This was a more difficult
task than it would first appear. With high-strength concrete
being a state-of-the-art material and 0.6-in. strands having
had relatively limited use, little hard data are available regard-
ing unit costs for these items. In-place unit costs for the con-
crete, mild steel, and prestressing strands were estimated from
data found in the literature and through private conversations
with local precasters. The costs used in this study are shown
in Table 3. Overhead and profit were not included. Because
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TABLE 3 IN-PLACE UNIT COSTS FOR MATERIALS AND
LABOR

Concrete $/cy
Strength
(psi)
3,000 60
6,000 75
8,000 82
10,000 95
12,000 112
Strand Type $/ft
1/2"-270-1R 0.30
0.6"-270-LR 0.35
Mild Steel $/1b
#5 Bars 0.38

there were no readily available data, the unit cost for 0.6-in.
strands was estimated from that for Y2-in. strands.

Results

The cost curves for the AASHTO BII36A beam, shown in
Figure 7, are typical of most of the modified box sections
examined. These curves clearly show the economic benefit of
using higher-strength concretes in conjunction with wider beam
spacings. For example, the cost of a design using 12,000-psi
concrete with an 8-ft spacing is, on average, 7.7 percent less
than a design that uses 6,000-psi concrete and a 3-ft spacing
while maintaining a similar span capacity. To reach longer
span lengths, closer beam spacings and higher-strength con-
cretes are necessary, however costly. In general, these results
are similar to the findings of Rabbat (2) and Jobes (3) for the
I- and T-shaped girder sections they considered.

Figures 8 and 9 show the idealized cost curves for the mod-
ified BII, BIII, and BIV sections for both beam widths and
strand diameters. For clarity, the curves for the BI sections
are not shown; these sections were found to be the most costly
in nearly all cases. The curves in Figures 8 and 9 make clear
which box beam sections are the most cost-effective. For span
lengths up to about 95 ft, the 3-ft-wide beams, particularly
the BII36A, are the most economical. For spans longer than
95 ft, the 4-ft-wide beams, in particular the BIV48A, are more
economical. Except for the longest span lengths, there is actually
little difference in cost among the three section depths for
either beam width. These findings are true for both strand
diameters. In fact, for the unit costs used in this study, the
strand diameter has very small effect on the total cost of the
superstructure.
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FIGURE 8 Idealized cost curves for 3- and 4-ft modified
beams with Y2-in. strand.

CONCLUSIONS AND RECOMMENDATIONS

On the basis of the results of this investigation, the following
conclusions can be drawn with respect to the use of high-
strength concrete in prestressed box beam bridges:

1. Most AASHTO design specifications still apply to high-
strength concrete. The equations recommended by ACI Com-
mittee 363 for the modulus of elasticity and modulus of rup-
ture were used in this study.

2. Span lengths longer than those previously attainable with
normal-strength concrete can be reached with high-strength
concrete. On average, the maximum span length of the stan-
dard box beams increased about 17 percent with an increase
in the concrete strength from 6,000 to 12,000 psi. Some beams
showed an increase of more than 25 percent.

3. With the modified Type A beams, maximum span lengths
can be increased over the parent sections by about 10 percent
with %2-in. strands and by about 22 percent with 0.6-in. strands.
Some sections showed nearly a 30 percent increase in span
capacity. The modified sections also required fewer strands
for the same span and have a smaller cross-sectional area.
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FIGURE 9 Idealized cost curves for 3- and 4-ft modified
beams with 0.6-in. strand.
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4. For the beams studied, longer span lengths can be reached
with '4-in. strands but fewer 0.6-in. strands are required for
any CoOmmon span.

5. For spans up to about 95 ft, 3-ft beams at wide spacings
are the most economical, but for longer spans the 4-ft beams
spaced more closely are more economical.

The fn]lnwing recommendationg are made with respect to
the use of high-strength concrete in prestressed box beam
bridges:

1. The modified Type A box beam sections should be used
rather than the current standard. These sections allow for
more strands along the bottom flange. They have a smaller
cross section but larger section modulus than the parent sec-
tions. For span lengths up to 95 ft, the 3-ft-wide sections
should be used. For longer spans, the 4-ft-wide sections should
be used. Either Y- or 0.6-in.-diameter strands can be used.

2. Further modification of the standard box beam should
be investigated. It was found that the 27-in.-deep sections
were never as cost-effective as the others. The 42-in.-deep
section, which is the largest, was one of the most economical
for all span lengths. An even deeper section may provide
further benefits.

3. Although many studies report less shrinkage and creep
with high-strength concrete, the effects of this on the loss of
prestress have not been fully established. Additional research
is needed in this area.

4. The issue of acceptable live load deflections should be
studied, because this serviceability requirement is not now
addressed by the AASHTO standard specifications. The
advantages of high-strength concrete could be greatly dimin-
ished if deflection criteria similar to those for steel bridges
were imposed.

5. Finally, it is recommended that a few demonstration bridge
projects be developed for which high-strength concrete would
be specified. Either standard or modified sections could be
utilized in these bridges.
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Bridge at Joigny: High-Strength-Concrete

Experimental Bridge

YVES MALIER AND LUCIEN PLISKIN

An experimental bridge constructed of high-strength concrete has
been built at Joigny, France. The project is part of a national
research program bringing together the French Ministry of Public
Works and Ministry of Research, the cement industry, university
and state laboratories, and professional associations and insti-
tutions. The bridge has been instrumented in order to verify its
long-term behavior and its durability in comparison with that of
ordinary concrete bridges.

In 1985 the French Ministry of Public Works, in association
with the Ministry of Research, launched the so-called Projets
Nationaux de Recherche et de Développement (National R&D
Projects) in the field of civil engineering. One of these projects
was devoted to Voies Nouvelles du Matériau Béton (New
Developments for Concrete). The objectives of this project
are clearly defined by its title: to identify and develop new
ways to use the materials that make up concrete.

The objectives of this project can be achieved through con-
struction of experimental structures based on preliminary
applied research and through instrumentation of these struc-
tures. The implementation of this project is based on four
leading principles:

1. To ensure a continuous relationship among basic research,
end-user-oriented research, experimental structures, codes,
and development. The construction of experimental struc-
tures is necessary to demonstrate the actual usefulness of new
materials, to evaluate their durability, to assess their economic
input, to calibrate and update future codes, and to raise new
subjects for further research.

2. To associate new materials with new design concepts.

3. To highlight the notion of ““high-performance materials.”
A global approach to the various properties of concrete allows
the adviser, the designer, or the owner to emphasize one or
several specific properties of the material. If, as far as new
concretes are concerned, their most familiar property is their
high compressive strength, it should be borne in mind that
other prominent properties should be considered, such as
increased durability, frost-thawing resistance, abrasion resist-
ance, or imperviousness to water and gas. This explains why
the American high-strength concrete (HSC) has been termed
“high-performance concrete” in France.

4. To stress the fact that, as a rule, these high-strength or
high-performance concretes, because of their increased dura-
bility, will be specified more and more by clients.

Association Technique de I'Industrie des Liants Hydrauliques, 8, Rue
Villiot, 75012 Paris, France.

To fulfill its objectives, the project brings together state
and private owners such as the Ministry of Public Works, the
French Electricity Board (EDF), and the Paris Airport
Authority (ADP); the cement industry; large contractors; uni-
versity, private, and state laboratories; as well as professional
associations and institutions.

The project is funded by these members. The budget amounts
to about $10 million (U.S.) for a 5-year period, excluding the
cost of experimental construction. The Ministry of Public Works
subsidizes the project by an incentive support of about $1.20
million (U.S.).

As a matter of fact, a highly valuable contribution is made
by the Direction des Routes (Road Direction) of the Ministry
of Public Works through its active support in helping to find
possible construction sites for experimental HSC bridges.

THE BRIDGE AT JOIGNY

Extensive research and development carried out on HSC in
several French civil engineering laboratories made it possible
to consider the construction of an actual experimental bridge
with HSC.

Aim of the Experiment

The French Ministry of Public Works agreed with the national
project team on the following criteria for choosing the nature
and location of the experimental bridge:

e The bridge should be representative of current bridge
construction and not be exceptional in any way.

® The bridge should not be located near large towns or
industrial areas, in which facilities would easily be found.

e The 28-day characteristic strength of the concrete should
be 60 MPa (8,600 psi) (generally, French bridges use 35- to
40-MPa concretes).

® The bridge should be built using local cement and aggre-
gates. Local ready-mixed concrete plants were to furnish the
material so that their proper capabilities could be checked.
The use of silica fume was excluded, because it had been
proved that this material was not really necessary to obtain
the specified HSC.

® The bridge should be designed according to French build-
ing code BPEL 83, which deals with prestressed concrete
structures. All the possibilities offered by the enhanced strength
of the concrete should be exploited.
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@ The bridge should be instrumented in order to collect
data on its behavior and to verify the validity of the conceptual
approach. This criterion led to the specification of cast-in-situ
construction methods in order to avoid interference by con-
struction temporary stress distribution.

To summarize these criteria, it can be said that the aim of
the experiment was to demonstrate the feasibility of building
a typical bridge using C 60 concrete and the unsophisticated
means and materials that can be found everywhere in France.

Basic Features of the Bridge
Geometrical Description

The bridge crosses the Yonne River near the town of Joigny.
Its concept is quite classical. Aesthetics as well as economics
influenced the choice of a balanced, continuous, three-span
bridge [i.e., 34, 46, and 34 m (112, 151, and 112 ft)] with
a height of 2.2 m (87 in.) and an overall width of 15.8 m
(52 ft).

The bridge double-tee cross section is made of two main
beams with a trapezoidal cross section and an upper slab. The
distance between beam axes is 8 m (26 ft). Their minimal
width at the bottom chord is 0.5 m (20 in.).

Prestressing

The structure is prestressed longitudinally by 13 external ten-
dons, each made of twenty-seven 1.5-cm (0.6-in.) strands.
External tendons offer three advantages:

1. The width of the webs can be reduced to a minimal value
determined chiefly by normal stress considerations. A lighter
structure is thus obtained.

2. The tendons may be easily replaced if necessary. This is
an advantage, because the C 60 concrete being more durable
than ordinary concrete, the life span of the high-tensile steel
may be shorter than that of the concrete.

3. In the case of an experimental structure, this layout allows
simpler and more accurate prestressing force measurements
in the tendons.

Design Stresses

The bridge was designed according to the French codes Béton
Précontraint aux Etats Limites (BPEL) (Limit-States Design
of Prestressed Concrete) and Béton Armé aux Ltats Limites
(BAEL) (Limit-States Design of Reinforced Concrete). These
codes formerly dealt only with concretes up to C 40 but have
been upgraded in order to incorporate C 60 concretes. Only
minor adjustments to the codes had to be made, mainly con-
cerning the creep coefficient, which was reduced from 2.00
to 1.50 for C 60 concretes.

The use of these codes, which include different safety fac-
tors, led to an actual maximal compressive stress of 30 MPa
in the lower fiber of the midsection of the central span during
the last stages of prestressing.
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High-Strength Concrete Versus Ordinary Concrete

It should bc cmphasized that comparisons carried out during
the preliminary studies of the bridge showed that the concrete
quantities could be reduced from about 1395 m? (1,800 yd?),
when ordinary C 35 concrete was used to 985 m* (1,300 yd?)
with C 60 HSC. This 30 percent reduction in concrete volume
led to a 24 percent load reduction onto the pier, abutments,
and foundations.

The decreased dead weight also induces savings in the quan-
tities of prestressing strands. Because the height-to-span ratios
were slightly different in the two solutions, the steel savings
were not as large as they could have been if these ratios had
been identical.

Concrete Design

Exhaustive laboratory tests were run in order to define a mix
design allowing the production of a ready-mixed concrete with
the following properties:

@ Mean 28-day strength of about 70 MPa with a minimal
standard deviation,

@ Ability to be transported and delivered fresh to a con-
struction site 30 km (about 20 mi) from the concrete plant,

® Ability to be pumped in pipes 120 m (470 ft) long,

e High workability after a sufficient time.

The concrete batch constituents were as follows:

@ Fine aggregate: sand from Yonne River, (/4 mm; cor-
rective sand, 0.080/0.13 mm;

e Coarse aggregate, 6/20 mm;

e Cement HS PC, 450 kg/m? (760 1b/yd®);

e Water, 161 liters/m’ (271 Ib/yd®);

® WRA and retarder.

Concrete Properties
Fresh Concrete

The water/cement (W/C) ratio, measured at the plant for
every batch, remained between 0.362 and 0.377. The slumps,
measured at the site, were over 200 mm for more than 2 hr.
The entrained air contents were within 0.5 and 1 percent.

Hardened Concrete

Compressive Strength The concrete strength was meas-
ured on test samples. According to the kFrench standards,
these are cylinders with a diameter of about 160 mm (cross
section of 20,000 mm?) and a height of 320 mm, which were
cast in metallic molds.

The mean compressive strength f,,, was as follows:

Age (days) Strength (MPa)
3 26.10
7 53.60
8 78.00

57 (150-mm-diameter 86.05
in situ cores)
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At 28 days, the minimum and maximum strength values
were 65.5 and 91.7 MPa, respectively, and the standard devia-
tion ¢ reached 6.75 MPa. The French Construction Code
(Fascicule 65) requires for this kind of ready-mixed concrete
that

1. The mean strength be at least equal to the characteristic
strength value f,, plus a margin

fcm 2fck + 1300

2. The minimum strength be larger than the characteristic
strength f,, minus a margin

fcmin > ck 3 MPa

These 28-day strength requirements were easily met.

Comparative tests were carried out between different types
of samples: ¢ 160- x 320-mm usual reference cylinders, ¢ 160-
x 320-mm cylinders with ground bearing faces, ¢ 110- x 220-
mm cylinders, ¢ 100- x 100- x 100-mm cubes, ¢ 150- x 300-
mm in situ cores, ¢ 100- x 200-mm in situ cores, and ¢ 70- x
140-mm in situ cores.

The results were as follows:

Sample Strength (MPa)
Reference 71.9
Ground 71.2
Cylinder 67.7
Cube 83.9

150-mm core 76.7
100-mm core 84.2
70-mm core 75.5

Tensile Strength The tensile strength was measured on
cylinders with the Brasilian splitting test. The average tensile
strength was 5.07 MPa on 28-day samples.

Placement of Concrete

The contract required that the concrete be poured in one
continuous phase. In order to avoid any delay, two inde-
pendent ready-mixed concrete plants were to deliver the same
concrete. In this way, even if one of them was out of order,
the nonstop pouring operations could be completed at a lower
rate.

The 1000 m? (1,300 yd?) of concrete was placed without
any incident by two pumps in 24 hr, as planned.

Instrumentation

The bridge was instrumented in order to follow its behavior
during a period of several years. The experimentation is being
run by the Laboratoire Central des Ponts et Chaussées (Cen-
tral Laboratory for Roads and Bridges), which is under the
direction of the Ministry of Public Works.

The goals of the experimentation are threefold: to observe
the thermal evolution of concrete during the setting phase,
to determine prestressing forces and deformations, and to
study creep and shrinkage of the concrete.
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Thermal Evolution of Concrete

During the setting phase at the mid-central span and in the
massive end blocks, the maximum temperatures measured
were

© 73°C in the middle of the end blocks,
@ 57°C in the webs, and
@ 32°C in the upper slab.

A special finite-element program was run to check these
values. In order to calibrate the finite-element calculations,
a quasi-adiabatic test was carried out to obtain the temper-
ature variations of a concrete specimen. The results of the
calculations are in good accordance with the measurements.

Prestressing Forces and Deformations

The deformations of a cross section located near the middle
of the central span were continuously recorded. The rotations
of the same span were also measured and recorded. The meas-
ured deformations are currently 15 percent smaller than those
predicted by calculation. This discrepancy can be attributed
to an underevaluation of the Young’s modulus.

The time evolution of the tensile forces in the longitudinal
tendons was measured. The first measured values were 5.10
MN per tendon near the anchorages and 5.20 MN at the mid-
central span. The calculations predicted 5.10 and 4.90 MN,
respectively. These differences can be attributed to an over-
evaluation of friction at the deviator transverse beams.

Creep and Shrinkage of Concrete

A major part of the experiment was devoted to the study of
the shrinkage and creep of the concrete. Sixteen tests are to
be carried out during the next few years on various specimens:

1. On specimens made with the in situ concrete, two shrink-
age tests, with and without drying, and two creep tests, with
and without drying, loaded at 28 days.

2. On laboratory specimens made with a concrete using the
site materials with the same composition as the in situ con-
crete, four shrinkage tests and eight creep tests loaded and
unloaded at different ages.

The results of these tests will be available within a few years.

CONCLUSIONS

The first French prestressed concrete bridge designed and
built with a 60-MPa characteristic strength concrete according
to the French building codes was successfully completed by
early 1989.

The bridge has been instrumented in order to verify the
assumptions taken into account in the calculations, to check
its long-term behavior, and more generally to assess its sup-
posedly increased durability as compared with that of ordinary
concrete bridges.
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Economic comparisons made it clear that although its unit
price per cubic meter is higher than that of ordinary concrete,
HSC leads to reduced immediate total investments thanks to
material savings and higher construction productivity. These
conclusions were reached without taking into account im-
material and long-term added savings provided by the inher-
ent enhanced durability of HSC.

Tt is worth stressing that the bhridge, which was built for the
Ministry of Public Works, is to be incorporated into one of
the main French roads. This first achievement of the national
project on new concretes is to be followed by further steps:
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1. In accordance with the wishes of the French Road Direc-
tion, the utilization of C 60 concretes will be extended to the
construction of most bridges in the coming years.

2. Other experimental bridges implementing HSC with higher
characteristic strength will be built in the near future.

Publication of this paper sponsored by Committee on Concrete Bridges.
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Modeling Fatigue Loads for Steel Bridges

A. G. TALLIN AND T. PETRESHOCK

Histograms of the gross vehicle weight (GVW) of trucks obtained
from weigh-in-motion data for seven states are analyzed. These
histograms are modeled by two bimodal distributions consisting
of mixed pairs of lognormal distributions and a lognormal and a
Type 11 largest extreme value distribution. Fatigue lifetimes for
AASHTO categories A, B, C, and E details are calculated from
these models of the distribution of GVW by approximating the
Miner’s stress as a linear function of the mth root of the mth
expected moment of the GVW. The lifetimes based on the two
models are compared with each other and with the results obtained
by assuming a single lognormal distribution. The results show
that the lifetimes estimated using the bimodal distributions differ
little from each other but are significantly shorter than the life-
times estimated from the single lognormal distribution. It was
also noted that there are large differences between the estimated
lifetimes of different AASHTO categories.

Load models appropriate for the estimation of bridge relia-
bility due to fatigue life are different from those that are
appropriate for the estimation of bridge reliability due to
overloads. Although the occurrence of a single extraordinary
load is important in the analysis of the ultimate capacity of a
bridge, metal fatigue is concerned with the cumulative effect
of loading at lower stress levels. As a result, a good fatigue
model must be rich enough to model cumulative load effects.

The problem of modeling tratfic loads for fatigue analysis
has been studied by a number of researchers (1-3). Several
fatigue load models developed from weigh-in-motion data
compiled by Snyder et al. (4) are discussed and the conse-
quences of assuming different models of the estimated lifetime
of steel bridge components subject to fatigue loads due to
trucks are examined.

Two distinct methods are used to estimate fatigue lifetimes
(5). The first is the S-N approach, in which the lifetime in
terms of stress cycles N is related to the mth power of the
stress range §:

N = AS—" (1)

The second is the linear elastic fracture mechanics (LEFM)
approach, in which the lifetime of a component is estimated
from the relationship between the mth power of the stress
intensity range AK and the rate of crack growth da/dN:

da
N - C(AK) (2a)

= C[Y(a)y"s"] (2b)

In Equations 1 and 2 the exponent m and factors A and C
are material constants. In Equations 2, Y(a) is a function of

Department of Civil and Environmental Engineering, Polytechnic
University, 333 Jay St., Brooklyn, N.Y. 11201.

the crack length a. Because of its simplicity, the first approach
is used extensively for design calculations, for example, in the
AASHTO specifications (6).

Whenever the stress range or stress intensity range cannot
be assumed to be constant, the value for the stress range S
in Equations 1 and 2 is modified to compensate for the time-
varying loads. This is usually done by using an equivalent
constant stress range such as the Miner’s stress S,,, which has
the form

l i=N 1/m
Sy = (ﬁ '; S,"") (3)

where §; is the stress range at the ith cycle and m is the
exponent used in Equations 1 and 2. Because the number of
cycles in fatigue problems is large and the stress range in each
cycle is randomly distributed, the Miner’s stress will approach
the mth root of the mth expected moment of the underlying
probability distribution for the stress range, or [E(S™)]".

LOAD MODELS

The data analyzed here were collected by Snyder et al. (4)
from weigh-in-motion studies performed in eight states in
which calibrated highway bridges were used as scales. Each
data set ranges from 1,377 to 6,547 observations, with a total
of 24,179 observations. Figure 1 is a typical histogram of the
gross vehicle weight (GVW) arbitrarily normalized so that a
GVW of 1.0 is the weight of the AASHTO HS-20 design
vehicle (72 kips). No information concerning the number of
axles corresponding to the individual truck weights was included
in the results of this study. The distribution of GVW is char-
acterized by the two peaks or modes, which are a consequence
of the distribution between heavier loaded trucks and lighter
unloaded trucks. Although the lower mode appears to have
a relatively wide peak, the upper mode is narrow and seems
to have the shape characteristic of a negatively skewed dis-
tribution.

If one assumes that the mechanism for the dual peaks is
due to two separate populations, loaded and unloaded trucks,
an appropriate model for the GVW should be a mixed distrib-
ution with a probability density function (pdf) of the form

fowv(w) = pfi(w) + (1 — p)fiu(w) 4)

where f; (w) and fi,(w) are the partial pdf’s of light and heavy
trucks, respectively, and p is the probability that an individual
truck is a member of the light-truck population.

Two mixed distribution models were developed for each of
the eight data sets. The first model (LN-LN) assumed that
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The mean-squared error between the measured and mixed
distributions LN-LN and LN-ET3 was used to measure good-

Z[f(w;8) = f.(w)P? ™

where f, (w) is the measured density and 6 is the vector of
five or six parameters involved in the LN-LN and LN-ET3
models, (p, My,, 8y,, My,, dy,) and (p, Mmy,, dy,, kK, u, w), re-
spectively. Powell unconstrained optimization (7) was used
for each set of data to find the optimal set 0 resulting in the
minimum of Equation 7.

The resulting parameters and the mean-squared errors are

2.50 T T T T T T T
i ) ness of fit:
2 2.00 ——Actual —
= ~==Lognormal — Lognormal
2 - ——Lognormal — Type I~
3 150 /" -
£ i A I ;
-8 1.00 |- w v =
Q L / Y o
SN BN
Q. 050} !l \ =
Jm | i e | L
0'08.00 0.50 1.00 1.50 2.00

Normalized GVW

FIGURE 1 Comparison of estimated and measured
histograms.

both the light and heavy trucks were distributed according to
a lognormal distribution with a pdf of the form

1

fr(y) = Ym0,

X exp {— Y, [81 ln(y/my>] } y=0 )

where m, is the median of Y and &% is the variance of InY.

In an attempt to model the left skewness of the distribution
of the heavier trucks, the second model (LN-ET3) used a
lognormal distribution for the light trucks and a Type III
largest extreme value distribution for the heavy trucks with
a pdf of the form

given in Tables 1 and 2 for the LN-LN and LN-ET3 models,
respectively, for the distributions of normalized GVW for
seven states tabulated by Snyder et al. The mean-squared
errors associated with the LN-ET3 model are lower than those
for the LN-LN model.

COMPARISON

To compare the effects of assuming each of the two postulated
models, estimated lifetimes for AASHTO A, B, C, and E
category details were calculated. Each detail was assumed to
be designed for fatigue at the AASHTO maximum allowable
stress range for the category. It is assumed that the stress
range experienced by a detail is a linear function of the GVW
of the truck causing the stress. If the fatigue criterion governs,
the maximum allowable design fatigue stress range corre-
sponds to the design truck weight and to the normalized truck
weight of 1.0.

Using Equation 1 with the stress range equal to the Miner’s
stress = [E(S™)]", the lifetime in years can be approximated
by

_ AFgmE(W™)

k=1 _
fiy) =—F_ =3 L= ADTT x 365 ®
. w—u\w-u
K where
_fw=y "
) exp[ (W - “) ] A ©) A and m = material properties,

where k is the shape factor, u is the location parameter, and
w is the upper limit of possible values.

1l

ADTT = average daily truck traffic,
L = detail life in years, and
F,, = fatigue design stress.

TABLE 1 ESTIMATED PARAMETERS FOR LN-LN MODEL

Lognormal 1 Lognormal 2
State myl 6y1 myz 6y2 m.s.e
Arkansas 0.4491 0.3135 0.4293 0.8981 0.:1323 1,552
California 0.3947 0.2638 0.5671 0.9660 0.1868 0.564
Georgia 0.3906 0.2551 0.5976 0.8383 0.1718 0.3478
Illinois 0.5236 0.3551 0.5077 0.9485 0.1935 0.1405
New York 0.4137 0.3129 0.6329 0.9654 0.1529 0.3187
Ohio 0.5038 0.3055 0.5792 1.0015 0.1255 0.2572
Texas 0.4265 0.3122 0.5290 1.0288 0.1857 0.5231




TABLE 2 ESTIMATED PARAMETERS FOR LN-ET3 MODEL

Lognormal Type III
State myl 8y1 P w u k m.s.e
Arkansas 0.5354 0.5404 0.6391 1.0578 0.8813 2.4144 0.9043
California 0.3808 0.2229 0.4798 1.2194 0.8054 1.6182 0,213
Georgia 0.3689 0.1601 0.3150 1.1520 0.5696 1.9122 0.07381
Illinois 0.4353 0.2449 0.2448 1.3958 0.7702 2.5764 0.07652
New York 0.3899 0.2587 0.5178 1.1728 0.7989 1.5873 0.1805
Ohio 0.4849 0.2759 0.5321 1.2504 0.9292 2.2981 0.1657
Texas 0.3908 0.1754 | 0.2622 1.2441 0.6717 1.3520 0.3285
TABLE 3 COMPARISON OF PREDICTED LIFETIMES
Fatigue Sensitive Detail
Property A B C E

Fp 24.0 16.0 11.0 540

m g 2,31 2:55 3.10 2.80

A (xX10) 6.07 3.72 12.17 1.04

State Load Lifetime in Years
Model A B C E

Arkansas LN-LN 19 .53 16.55 40.19 61.42

LN-ET3 17.97 14:. 77 32.49 52.58

LN 23.59 21.12 58.99 83.53

California IN-LN 20.85 17.34 39.92 62.90

LN-ET3 23.26 19.70 47.37 72.85

LN 27.97 25.40 72 ;99 85.37

Georgia LN-ILN 30.27 26.44 68.36 101..21

IN-ET3 31.29 27,37 70.82 104.77

LN 35.07 32.66 99.75 134 .68

Illinois IN-LN 16.66 13.81 31.75 50.00

IN-ET3 17.67 14.79 34.82 54.14

LN 18.96 16.60 43.95 64.03

New York IN-LN 23.15 19.53 46 .44 71.89

LN-ET3 25.34 21.70 53.42 81.12

1N 27.92 25.34 72.90 101.67

Ohio LN-1N 17.95 14.99 35.01 54.66

LN-ET3 18.96 15,95 37 .97 58.66

LN 19.64 17.26 46.05 66.79

Texas ILN-LN 16.41 13.40 29.59 47 .64

LN-ET3 29.26 24.49 37.64 73.40

LN 21.86 19..32 51.59 75.12
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The quantity E(W™) is the mth expected moment of the nor-
malized GVW distribution.

m

EGW) = p| fudw + (1 = p) | fudw ©)

The fatigue design stress F, is a function of the detail type
ranging from 2.0 ksi for cover plate terminus (Category E)
10 24.0 ksi a1t web flange connections in rolled beams (Cat-
egory A).

Shown in Table 3 are the estimated lifetimes based on the
two double-mode models LN-LN and LN-ET3 developed here.
For comparison purposes, lifetimes based on a single LN stress
range distribution are also included in Table 3. For each of
the seven states the lifetimes are estimated for four AASHTO
dctail catcgorics A, B, C, and E. The ADTT was assumed
to be 1,000 vehicles per day and the material constants are
those tabulated by Nolan and Albrecht (&) from tests of a
large number of typical fatigue-sensitive details in which run-
out effects were ignored.

CONCLUSIONS

The results show that, excepi for the data set from Texas, the
estimated lifetimes are insensitive to which double-mode stress
range model was used. In the case of Texas, the low central
value for f,, in the LN-ET3 model, u = 0.67, compared with
the high median for f;, in the LN-LN model, m,, = 1.03,
results in large differences in the estimated lifetimes. How-
ever, in all other states the estimated lifetimes differ by less
than 10 percent, which, in light of the precision of such meth-
ods, is insignificant. On the other hand, estimated lifetimes
based on the single-mode distribution are all longer than the
estimates based on the LN-LN and LN-ET3 stress range models.
The greatest difference was for Category C details, which have
the steepest S-NV relationship, with m = 3.1.

The estimated lifetimes are highly sensitive to design stresses
and material properties. Although the S-N curves are signif-
icantly higher for Category A details than for Category E
details, the use of significantly lower design stresses for Cat-
egory E details causes estimated lifetimes for Category E
details to be much longer than those for Category A details.
The results in Table 3 ignore any run-out or fatigue limit
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effects, and as a result, all stress cycles cause damage. This
may account for short lifetime estimates and possibly the large
differences in the estimated lifetimes between details. How-
ever, the results point to possible large discrepancies between
the fatigue lifetimes for various categories.

The results presented here suggest that there are discrep-
ancies between the lifetimes estimated from single-mode stress
distributions and those estimated from the double-mode models
proposed nere. The resuits aiso suggest that more realistic
modeling of the stress range may be even more important for
richer fatigue models such as S-N curves combined with fatigue
limits or Paris crack growth relations with threshold stress
intensity ranges.
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Crack Detection at Cover Plate Ends and
Welded Splices Using Ultrasound

Technology

PaTrick D. ZURASKI

Many steel bridges constructed before 1970 are now of concern
because they contain welded fabrication details that are highly
susceptible to the formation of fatigue cracks. It is imperative
that nondestructive evaluation methodology be available to exam-
ine such bridges, especially those with more than 25 years of
service history and high volumes of truck traffic. Within Ohio a
large number of bridges were fabricated with welded splices and
cover plates located over the piers of continuous-beam bridges.
Commonly accepted analytical models indicate that the average
fatigue life has already been exceeded in some situations. Unfor-
tunately, unaided visual inspection allows no opportunity for early
crack detection because the critical top flange surface is embed-
ded in the concrete deck. Research conducted on behalf of the
Ohio Department of Transportation has demonstrated that ultra-
sonic testing procedures may be used to determine whether cracks
have been initiated within a top flange surface that is embedded
in concrete. Three Interstate highway bridges experiencing high
volumes of truck traffic and containing AASHTO Category E’
cover plate details were examined during 1989. Application of
the ultrasound technology is described and the results of this field
investigation are presented.

Existing steel bridges designed with welded connection details
and constructed before 1970 are a source of concern for their
owners because frequently they must be considered highly
susceptible to the formation of fatigue cracks when viewed in
the light of current fatigue design standards and specifications.
Figure 1 shows a ficld-welded detail used extensively in Ohio
that consists of welded cover plates plus full-penetration, ver-
tical-secam welds located over the piers of continuous-beam
bridges. Commonly accepted analytical models indicate that
the average fatigue life has already been exceeded in some
situations. Unfortunately, unaided visual inspection allows no
opportunity for early crack detection because the critical top
flange surface is embedded in a concrete deck.

On the one hand, it is essential that any necessary corrective
measures be undertaken to maintain an adequate level of
safety. On the other, it would be inappropriate to embark on
an extensive rehabilitation program based solely on the pre-
dictions of analytical models, which may indicate that the
fatigue life of a particular detail has reached, or is nearing,
exhaustion. Considering the wide statistical scatter in many
of the key fatigue-life parameters and the influence of the
volume of truck traffic, it could be many years (if ever) before
sufficient damage has accumulated to cause distress, such as
a fatigue crack, to actually occur. Nondestructive evaluation

Department of Civil Engineering, University of Akron, Akron, Ohio
44325-3905.

strategies may be employed to assist bridge owners in making
difficult economic decisions consistent with requirements for
safety.

The welded connection shown in Figure 1 was a standard
splice detail in Ohio’s expressway construction from the late
1950s to the mid-1960s, some of which detail was eventually
incorporated into the Interstate system. Frequently, the stress
range at the end of the top flange cover plate, calculated using
the standard HS-20 design vehicle, is much higher than that
allowed by the AASHTO specifications (/). Considering that
the majority of cover plate terminations within this study are
AASHTO Category E' details and that one-way traffic vol-
umes exceed 4,000 trucks per day, it is quite difficult to find
any acceptable location within a tension zone for terminating
the cover plates.

Confronted with a calculated stress range greater than that
allowed, one may select from alternative, probability-based
methods for computing the remaining life at the ends of these
cover plates. Procedures recently proposed by Moses et al.
(2) allow for considerable latitude in selecting the distribution
factor, the weight of the fatigue-evaluation truck, the truck
traffic volume, the degree of composite action, and other
factors. Moses et al. indicate that computed “‘estimates of
remaining life provide a useful indication of fatigue safety and
facilitate reasonable cost-effective decisions regarding repair,
rehabilitation, or replacement.” Thus, because fatigue lives
are probabilistic rather than deterministic, calculated values
primarily provide a basis for priority ranking and planning.
For maximum effectiveness, however, such calculations should
be complemented with physical evidence gathered during an
on-site examination before extensive rehabilitation or costly
repairs are initiated.

G PIER

| #— indicates field weld
Double-Vee Groove 1

. Single-Vee Groove ¢

. Fillet Welds

FIGURE 1 Welded splice and cover plate detail.
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The primary objective of the research reported here was
to demonstrate that ultrasound technology may be effectively
uscd to detect any cracks that may have initiated at the cnds
of welded cover plates or within butt-welded flange splices
embedded in a concrete deck. A brief validation was con-
ducted in the laboratory followed by an on-site examination
of 20 cover-plated and weld-spliced beams selected from three
different bridges (six, counting the structure for each traffic
direction separately).

A brief description of the characteristics of ultrasound waves
and their role in crack detection is provided below, followed
by discussion of the work that was conducted in the laboratory
and at the three bridges. Specific findings regarding the appli-
cation of ultrasound technology to nondestructive bridge eval-
uation are reported.

ULTRASOUND

Sound is the mechanical vibration of particles in a medium,
and it travels as an elastic wave. Particles of the medium do
not travel with the wave but only react to its energy (3) and
vibrate about a fixed point. Thus, it is the energy of the wave
that moves through the material. For many applications, ultra-
sound waves are generated by crystalline materials, which
exhibit a piezoelectric effect in which the application of an
alternating voltage through the thickness of a ““crystal” causes
it to expand and contract. Thus, a sound wave may be created
and transmitted from one medium into another by direct con-
tact with the crystal or through an intervening medium. It is
noteworthy, especially in applications of nondestructive test-
ing, that the reverse phenomenon also occurs. An ultrasonic
wave incident on a crystal (hereafter referred to as a trans-
ducer) causes it to vibrate, producing an alternating current
across the faces of the transducer (4). Defects (cracks, inclu-
sions, etc.) cause sound waves to be reflected back to a trans-
ducer, and the resulting voltage serves notice that a defect is
present.

The normal audible frequency range of sound is approxi-
mately 20 Hz to 20 kHz. In contrast, the ultrasonic frequency
(beyond the range of the human ear) employed during this
study was 2.25 MHz. Utilizing a lead zirconate titanate (PZT)
crystal, the propagation velocity employed was approximately
9,500 ft/sec.

Basic Application

The most basic application of ultrasonics in flaw detection
involves transmitting a sound wave with a zero-degree angle
of incidence (measured from the normal to the suiface) into
a medium, such as the plate shown in Figure 2. In the study
described here, ultrasound was transmitted as a series of
extremely short pulses, and a single transducer functioned as
both transmitter and receiver. The transducer detected reflected
signals between transmissions.

Voltage traces are viewed on a cathode-ray oscilloscope.
The screen shown in Figure 2(a) corresponds to an ultrasound
scan conducted away from the interior defect. Only the initial
voltage burst and echo from the bottom surface of the plate
appear. When the transducer occupies a position above the
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FIGURE 2 Typical oscilloscope traces for ultrasound scans.

defect, an additional voltage “‘spike” appears corresponding
to reflection of sound from the defect, as shown in Figure
2(b).

Because air greatly impedes sound transmission, a thin film
of liquid couplant, or gel, must be brushed onto the surface
of an element before ultrasonic examination. This ensures
intimate contact with the surface of the transducer and pro-
vides for efficient sound transmission into the test part. Pref-
erably, the gel may be applied to smooth, bare metal. Paint
removal is briefly discussed later in the section entitled “Field
Study.”

Most often, applications of ultrasonics are more complex
than those shown in Figure 2. Sound frequently is transmitted
with a nonzero angle of incidence, and it may be necessary
to interpret multiple reflections. Orientation of the defect with
respect to the direction of sound travel is one primary con-
sideration for requiring sound to be transmitted along an oblique
path. Detailed consideration of types of sound waves and
reasons for employing them is beyond the scope of this paper;
nevertheless, a brief discussion is provided in the next section.

A thorough discussion is available, however, in the literature
(3-6).

Obligque Sound Path

The strongest indication of cracks and line-type flaws is obtained
when the sound is directed at right angles to the defect. That
optimum orientation is not possible, however, for a fatigue
crack located at the toe of a cover plate weld (Figure 3). The
crack is nearly vertical and the sound must be transmitted
toward the crack at an oblique angle, as shown. The sound
is shown as being directed from the bottom surface of the top
flange because it is typical construction practice to embed the
top flange within the concrete deck, with only the bottom
surface exposed.

The angle at which an ultrasonic wave is refracted and
travels through an object is controlled by the angle of inci-
dence (Figure 4). Furthermore, the sound may travel as either
a longitudinal wave or a shear wave, or both, and possibly
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FIGURE 3 Sound path at oblique angle to fatigue crack in
beam flange.

top flange

even as a surtace wave, also depending on the angle of inci-
dence.

Longitudinal waves differ from shear waves with respect to
the direction of particle excitation. For the former, particle
motion (recalling that this is about a fixed position, not trav-
elling with the wave) is parallel to the direction of the sound
path, and for the latter, particle motion is perpendicular to
the sound path. Surface waves (a shear wave with refraction
angle of 90 degrees) travel along the surface at a shallow
depth. A complete discussion may be found elsewhere (5).

A range of incident angles above a certain critical angle
exists such that only one type of wave, the shear wave, is
transmitted into the object being inspected. For such angles,
the longitudinal wave is totally reflected from the surface.
Transmitting only one type of wave is crucial because the
presence of two types of waves would give confusing results
(4). Sound wave refraction, a function of the angle of inci-
dence and velocities in the respective mediums of transmis-
sion, is governed by Snell’s law. A standard physics text (7)
or the literature previously cited may be consulted for detailed
treatment.

Determining Defect Position with Shear Waves

For shear waves transmitted into plates containing no defects,
only one spike, the initial voltage burst, appears on the oscil-
loscope screen. Nothing is directed back to the transducer
because the sound wave is totally reflected at the plate sur-
faces (metal-air interfaces) (4), as shown in Figure 5(a). For
a plate containing a crack, a second spike appears because
sound is directed back toward the transducer from irregular
features (very small, intermittent concave surfaces) along the

i = angle of incidence
r = angle of refraction

lucite block

transducer

refracted sound wave

FIGURE 4 Sound wave geometry.
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FIGURE 5 Oscilloscope activity with shear waves.

side tace of the crack. This is shown in Figure 5(b) (although
the minute concave surfaces do not appear because of the
scale of the figure).

Reflections may also occur from sources other than a crack,
including irregular surface features of the weld, the heel of
the weld, an undercut, or the corner of the cover plate. Pro-
cedures for interpreting sound wave reflections and identi-
fying the source of the reflections are discussed in the sub-
section devoted to examining cover plate ends in the “Field
Study” section of this paper.

The horizontal distance between spikes in Figure 5(b) cor-
responds to the elapsed time between the initial sound trans-
mission and subsequent reception. The time may be easily
converted to the horizontal distance between the index point
of the transducer and the location of the defect because the
angle of the sound path and velocity of the shear wave in steel
are known. In fact, by utilizing a calibration block containing
precision-machined “defects” at accurately known depths and
adjusting the sweep settings on the oscilloscope, one may
directly read actual distance on the horizontal axis of the
screen.

One may determine crack depth as well as crack location.
The change in transducer position from the time the crack is
first detected until the last indication may be noted. Then
when the transducer translation and the refraction angle are
known (6), the crack height may be computed.

LABORATORY EXAMINATION

A laboratory validation of nondestructive evaluation with
ultrasound was performed before the field work was con-
ducted at existing bridges. Two test plates (with dimensions
comparable with the components in the bridges) with welded
cover plates were subjected to cyclic loading in a servohy-
draulic material test system until a crack was initiated at one
weld toe. The welds at the ends of the cover plates were
subjected to ultrasonic examination, and dye penetrant exam-
ination was also performed. Subsequently, one of the plates
was cast into a surrounding mass of concrete, simulating
embedment of a top flange within a concrete deck, and re-
evaluated with ultrasonic examination. Once again the cracks
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were detected in a reliable manner. Several aspects of this
work are described below.

'The test specimens, tabricated trom ASTM A36 steel, con-
sisted of a cover plate 18 in. long welded all around to a base
plate 36 in. long with a "2-in. fillet weld deposited using the
submerged arc process. The cross section of the base plate
was 8 in. by 7 in. and that of the cover plate was 6.5 in. by
¥ in. The specimen configuration is shown in Figure 6.

The plates were subjected to repeated cycles of three-point
bending rather than axial load as an expeditious way of ini-
tiating a crack at the toe of a weld, that is, within the base
metal along the transverse weld at an end of the cover plate.
The plate was inspected periodically under bright light and
with a magnifying glass to determine the presence of a crack.

The plates were examined with ultrasound by moving the
transducer on the surface of the larger plate on the side with-
out the cover plate. The locations of crack indications were
recorded and a confirming evaluation was performed with dye
penetrant. The results were consistent with one another.

The dye penetrant indicated the presence of a crack (man-
ifested as a red stain against a white developer background)
in the same zones that were indicated by the ultrasound. The
depth of the cracks indicated by the ultrasonic inspection
varied depending on location; the depth was found to be in
the range of Y5 in. to % in.

A limited magnetic particle inspection was also conducted,
but very quickly discontinued. The concentration of iron fil-
ings characteristic of a crack was occurring in weld toe zones
that had provided no indication of cracks by either ultrasonics
or dye penetrant examination. Perhaps a dissimilarity between
base metal and weld metal might have caused such a “false
indication,” but it was not within the scope of the investigation
to pursue the matter further.

A general guideline in ultrasound technology is that an
ultrasonic beam being transmitted in metal is reflected by an
internal defect (void or nonmetallic inclusion) if the size of
the defect is greater than one wavelength. Thus, cracks within
plate surfaces covered with concrete (or cracks containing
concrete debris) may be readily detected from the opposite
surface if the defects are at least as large as the 1.25-mm
wavelength employed in this study.

To demonstrate that cracks could be detected within com-
ponents embedded in concrete, one cracked plate was cast in

1/2" fillet weld
8" x 7/8" plate

6.5" x 3/4" plate

|< 18 J

P 36"

FIGURE 6 Welded cover plate test specimen.
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FIGURE 7 Cover plate specimen cast within concrete.

a central position within a block of concrete 2 ft wide by
3.3 ft long by 8 in. deep (Figure 7). After being cured, the
block was turned over to provide access to the plate. The
ultrasound transducer was moved over the exposed plate sur-
face and indications of cracks were obtained that essentially
matched the results from the previous examination of the plate
that had been conducted without the covering of concrete.

FIELD STUDY

Three urban Interstate highway bridges that have been in
service for-approximately 25 years were examined with ultra-
sound. Each structure is a continuous-beam bridge with W33
or W36 wide flange sections that incorporate the welded-splice
and cover plate detail shown in Figure 1. Two bridges have
three spans, and one has four spans, and the beam spacing is
approximately 7.75 ft. All three bridges are of noncomposite
construction and are located within 3.5 mi of one another on
the same segment of Interstate highway. All flange thick-
nesses exceed 0.8 in. except for the exterior spans in one
bridge, which have a thickness of 0.7 in. Therefore, the most
severe AASHTO fatigue classification, Category E’, applies
in most instances for the cover plate ends. The full penetration
flange splices are nominally Category B, but only when weld
soundness is established by nondestructive inspection.

Further discussion regarding fatigue performance charac-
teristics of the bridges is provided below, followed by a sum-
mary of the findings from the ultrasound examination. No
fatigue cracks were detected at the ends of the cover plates.
Some weld-root flaws and crack-type indications were detected
within the full penetration butt welds connecting the top flanges.
It was necessary to properly interpret certain ‘“‘false indica-
tions,” however, to conclude that cracks were not present at
the ends of the cover plates. The observations gathered in
the field will be described in detail.

It is possible that fatigue cracks could already have been
initiated at a cover plate end and not have been detected by
visual inspection because the top flange (tension surface) is
embedded in the concrete deck. A combination of a high
volume of truck traffic (more than 4,000 trucks per day in
each direction) and a calculated stress range that exceeds 10
ksi in some situations [AASHTO specifications allow 2.6 ksi
for Category E’ (1)} provided the justification for a careful
field examination. Even according to recently proposed, reli-
ability-based fatigue evaluation (2) and design (8) procedures
that more properly account for actual service conditions (com-
pared with the current design specification), the mean fatigue
life has alieady been exceeded for one of the bridges. (The
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FIGURE 8 Beam lines with deck removed.

fatigue life analysis of these bridges will be reported in a
subsequent paper.)

These bridges presented a special opportunity, because their
concrete decks were being removed as part of a routine con-
struction contract. The field work was conducted at that time
so that access would be available to both the top and bottom
surfaces of the top flange. None of the field work was con-
ducted while the deck was still in place.

Four beam lines within one of the bridges, exposed after
deck removal, are shown in Figure 8, which also shows the
angle-type cross bracing frames between the girders. The ter-
mination of a typical top flange cover plate is shown in Figure
9. Falsework was installed between bottom flanges of the
girders to protect the roadway below during deck removal.
It also provided convenient access to the cover plates for
ultrasound examination.

Calibration and Preparation

The first operations conducted at each bridge site were to
calibrate the ultrasound transducer and to remove the paint
from the surfaces over which the transducer would be moved.
Setting up the instrumentation and calibrating the transducer
required less than 30 min at each site. The time required for
paint removal was approximately 15 min at each cover plate
end.

fillet weld ‘

FIGURE 9 Termination of top flange cover plate.

Calibration involves the simple operation of moving the
transducer over a calibration block containing narrow slits
located at a precisely specified depth. Because the distance
to the slit, the angle of the sound path, and the sound velocity
are known, sweep settings may be adjusted on the oscilloscope
of the accompanying instrumentation so that actual distances
are shown instead of time.

Paint should be removed from the surface over which the
transducer is moved for a distance of approximately 5 in. on
each side of the transverse weld toe. Separate techniques with
small power tools, wire wheels, and disks covered with coarse
aluminum oxide grit were employed for the removal. The last
method provided the best results. Paint removal is not nec-
essary for obtaining a trace on the oscilloscope screen, but it
greatly enhances the quality of the signal. Figure 10 shows
the transducer positioned on the bottom surface of a cover-
plated flange, and Figure 11 shows actual usage of the instru-
mentation.

Examination of Cover Plate Ends

Even though no cracks were detected at the ends of the cover
plates, indications (spikes) did appear on the oscilloscope
screen during the examination. It was discovered that certain
undulations in the surface of the weld (sometimes referred to
as “rollovers”), shown schematically in Figure 12 and in a

cover plate

top flange

\

FIGURE 10 Inspection at end of welded cover plate: scan of cover

plate end.
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FIGURE 11 Inspection at end of welded cover plate:
ultrasound instrumentation.

photograph in Figure 13, provide false indications. The sound
incident to the concave surface in Figure 12 is focused by the
corner-like trap back toward the transducer, and an indication
appears on the screen.

Undercutting is another potential source of false indica-
tions. This type of defect is associated with the unintentional
introduction of a groove (left unfilled by weld metal) into the
base material adjacent to the toe of a weld. Such a disruption
in the flange surface may also focus sound back toward the
transducer.

The indication caused by a rollover does not differ from
that caused by a real crack, such as the one shown in Figure
14. The corner created hy the intersection of the crack and
surface of the top flange focuses the sound back toward the
transducer in a manner similar to the rollover. It is possible,
however, to distinguish between a real crack and a false indi-
cation by conducting the ultrasound scan from both sides of
the weld. The crack shown in Figure 14, representative of a
fatigue crack at the end of a cover plate, causes an indication
to appear for scans conducted from both the left and right
sides of the weld. When a scan is conducted from the right
side of the weld in Figure 12, there is no indication because
the sound is no longer incident on a trapping surface feature.

Two other methods were used to reject the indications caused
by the rollovers. First, after several indications (not known
to be false at the time), the end of the cover plate was sub-
jected to dye penetrant examination. There was no evidence

rollover in
fillet weld

cover plate l

/sound source

FIGURE 12 Sound reflection from irregularity in weld
surface: rollover in fillet weld.

top flange
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FIGURE 13 Irregularity in weld surface at end of cover plate.

of a crack. Second, a procedure referred to as “damping”
was used to distinguish between alternative locations as the
source of a crack. Damping involves applying a small amount
of the liquid couplant to onc’s finger and tapping on the
surface near the toe of the weld. (When the finger is in contact
with the surface, a portion of any incident sound is refracted
into the finger.) The transducer was translated until a spike
appeared on the screen and was then held stationary. Tapping
on the weld at the rollover caused the spike on the screen to
jump. Tapping on the base metal of the top flange at a slight
distance from the weld toe did not cause the spike to jump.

One must usually rely on scanning from both sides of the
weld, however, as a basis to reject the false indications, because
the top surface is not visible in most situations. With the deck
in place, it is not possible to tap on the weld or to conduct a
dye penetrant examination.

Considering a typical situation, in which the top surface of
the beam is not visible, the first important step before an
ultrasonic examination would be to establish the position of
the toe, or end, of the weld. The design drawings would
indicate the distance from the flange butt-weld splice to the
end of the cover plate. Next, the precise position of the end
weld may be established by directing a longitudinal wave into
the flange at an incident angle of zero degrees. The beginning
of the weld can be accurately established (within approxi-
mately %4 in.) by watching for a change in signal on the screen.
Therefore, any indication detected with a shear wave trans-
ducer that is not located right at the weld toe must be some-
thing other than an end-of-plate fatigue crack.

In a few situations, a false indication came from the top
corner of the cover plate from sound that was directed toward
the weld wilh e transducer on the lell side of the weld (as

cover plate h

/sound source

FIGURE 14 Sound reflection from fatigue crack at weld toe.

top flange
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in Figure 12). Damping the sound by tapping the surface at
the corner and watching the spike jump revealed that the
source of the indication was not at the end of the weld. How-
ever, the same conclusion could have been reached without
access to the surface by noting the distance from the trans-
ducer to the source of the indication and by noting further
that the location of the source did not coincide with the toe
of the weld.

Examination at Flange Splices

Indications of voids and defects within the full penetration butt
welds joining the top flanges were detected at several locations
by ultrasonic examination. In the majority of cases the defects
were restricted to the center-depth regions of the flange, which
pointed toward incomplete fusion, lack of penetration, or a
similar fabrication flaw as the source of the indications. Very
little depth (=% in.) makes it possible that these defects have
been present since fabrication of the welded splices 25 years
ago and that an active crack front is not present.

At three locations, however, indications were detected that
revealed a through-thickness dimension extending from the
center of the flange to near its top surface. It becomes difficult
to assess the full extent of the flaw as it nears the surface
because of interference from the metal-air interface at the top
of flange and irregularities in the flange surface. In one instance,
there was evidence from the ultrasound that a defect had
travelled to within Y in. of the surface of the top flange. The
evidence indicated the type of crack shown in Figure 15. There
was no way to confirm this finding by visual methods, because
the cover plate and side fillet welds obscured the top flange
surface from view.

Radiographic (x-ray) examination was conducted on the
three butt welds with the largest flaw depth in an attempt to

longitudinal

cover piate cover plate weld

!

full penetration
flange butt weld

T

top flange

cope hole
in web

<4——web weld

FIGURE 15 Crack propagation from flaw within root of
flange splice butt weld.
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confirm the findings from the ultrasonic examination. The
radiographic film did not show any evidence of cracks. It is
not proper to state, however, that a crack was not present,
because when viewed from above, the crack could be “lost”
in the background. That is, any crack propagating vertically
from a lack-of-fusion defect would likely be obscured in the
film within the dark region that characterizes the defect zone.

To ensure safety and preserve the overall integrity of the
negative moment connection, a bolted flange splice was installed
at the location where ultrasonic examination revealed that the
defect had nearly reached the surface. Other locations with
flaws of significant depth will be closely monitored.

CONCLUSIONS

Ultrasound may be effectively employed as a nondestructive
evaluation tool for crack detection in existing bridges. Embed-
ment of the cracked surface of an element in concrete does
not alter the ability of the ultrasound testing to detect a crack,
as long as a scanning surface is exposed. Before an agency
initiates an ultrasonic inspection program, a test specimen
composed of a welded cover plate and a base plate should be
fabricated to provide guidance. By incorporating welds with
smooth surfaces, welds with rollovers, and cracks at some
locations in the weld toes, the test specimen simulates con-
ditions that may be encountered in the field. This provides
control and helps in interpreting the field results.
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Wheel-Load Distribution Results from
AISI-FHWA Model Bridge Study

MARK MOORE, KARL A. STRAND, MicHAEL A. GRUBB, AND LLoyYD R.

CAYES

An experimental test program to evaluate the behavior of a 0.4-
scale model of a two-span continuous plate-girder bridge with
modular precast prestressed concrete deck panels has recently
been completed. The bridge, designed according to Alternate
Load Factor Design (ALFD), or Autostress Design, procedures,
utilizes noncompact plate girders with slender webs that fall beyond
the present limits of the ALFD guide specification. A compre-
hensive plan was followed to subject the model to a scries of tests
to evaluate specific responses at simulated AASHTO service load,
overload, and maximum load levels. At elastic service-load stress
levels, live-load lateral-distribution factors were computed from
experimentally developed influence surfaces. These factors were
compared with factors computed from a finite-element model,
from current AASHTO procedures, and from proposed empirical
formulas. The factors computed from the experimental and finite-
element model data were generally in close agreement. The fac-
tors computed from the proposed empirical formulas for the inte-
rior girder also agreed closely with the experimental data. The
factors computed using AASHTO procedures were quite conser-
vative for the interior girder and less so for the exterior girders.
Neither the proposed nor the current AASHTO procedures were
found to account for the observed slight variation of the distribu-
tion factor along the span. The data would seem to indicate that
finite-element analysis and the proposed empirical formulas are
both plausible methods for computing elastic girder wheel-load
distribution factors. For similar tests conducted after the for-
mation of automoments along with subsequent shakedown at
overload, the computed distribution factors vatied less than 10
percent. Thus it appears that elastic distribution factors may still
be used at overload, even though controlled local yielding is
allowed in ALFD procedures. In addition, for similar tests con-
ducted with selected cross-frames removed, changes in the com-
puted distribution factors were less than 10 percent in the positive-
moment region for both interior and exterior girders. For the
interior girder in the negative-moment region, distribution factors
varied up to an average of 15 percent for the tests conducted with
cross-frames in place and with selected cross-frames removed.
This suggests that the load was distributed primarily through the
concrete deck.

In 1982 a jointly funded bridge research program was initiated
between the American Iron and Steel Institute (AISI) and
the Federal Highway Administration (FHWA). The primary

M. Moore and K. A. Strand, Wiss, Janney, Elstner Associates, Inc.
3100 Premier Drive, Suite 200, Irving, Tex. 78063. M. A. Grubb,
AISC Marketing, Inc., 650 Smithfield Street, Suite 750, Pittsburgh,
Pa. 15222-3907. L. R. Cayes, Federal Highway Administration, 6300
Georgetown Pike, HNR-10, McLean, Va. 22101.

purpose of the large experimental test program was to study
experimentally the behavior of a scale model of a two-span
continuous plate-girder bridge designed according to Alter-
nate Load Factor Design (ALFD), or Autostress Design, pro-
cedures (/) and built with modular precast prestressed con-
crete deck panels. In ALFD, a designer is permitted to utilize
somc of the substantial postyiclding reserve strength that is
available in continuous plate-girder bridges. Currently, an
AASHTO guide specification (2) permits the use of ALFD
for the design of continuous bridges using rolled-beam and
comparable welded-beam sections that satisfy specific com-
pactness requirements. As part of an ongoing research pro-
gram to extend the ALFD procedures to noncompact sec-
tions, the model bridge test was designed using plate-girder
sections that do not satisfy the current compactness require-
ments of the ALFD specification.

Testing of the model bridge included the development of
elastic influence surfaces for the computation of lateral live-
load distribution factors for interior and exterior girders in
positive and negative bending at AASHTO service load lev-
els. The three-dimensional influence surfaces were computed
for selected reactions, moments, and shears in the model
bridge (3). Three-dimensional influence surfaces were also
developed for measured axial forces in the bottom flange of
selected girders. These bottom-flange forces, which are a mea-
sure of the bending moment in the girder, were then used to
compute lateral distribution factors. Initially, tests placed at
specific locations to determine these elastic influence surfaces
for a single concentrated load were completed. These tests
were conducted immediately following comnstruction of the
model bridge. Following the completion of testing at the
AASHTO overload level, in which controlled local yielding
and subsequent shakedown were observed in the girders after
several cycles of simulated overload live load plus impact,
these influence surfaces were developed again. The influence
surfaces were also developed by repeating the tests with selected
cross-frames removed.

This paper provides a summary of these three influence
surface tests. Live-load distribution factors computed from
the experimental data are compared with factors computed
using a mathematical finite-element model, current AASHTO
procedures, and empirical formulas and recommendations
recently developed as part of National Cooperative Highway
Research Program (NCHRP) Project 12-26 on lateral live-
load distribution.
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BACKGROUND OF MODEL BRIDGE STUDY

The model bridge study is part of an extensive research pro-
gram in progress to extend the ALFD concepts to noncompact
plate-girder sections with slender webs that fall outside the
compactness limits of the current ALFD guide specification
(4-8). The experimental study involved the laboratory testing
of a 0.4-scale model of a two-span continuous plate-girder
highway bridge. The prototype bridge was designed by indus-
try personnel using ALFD procedures. The model bridge con-
sisted of two 56-ft spans, each with three plate girders. The
girders supported 4-in.-thick modular precast concrete deck
panels made composite with the plate girders using stud shear
connectors. The panels were prestressed both transversely
and parallel to the bridge axis. Components for the bridge
were fabricated in two commercial shops and erected by a
steel fabricator in the FHWA Structures Laboratory at the
Turner Fairbank Highway Research Center in McLean, Vir-
ginia. Construction of the model bridge was completed in
April 1987.

A comprehensive test plan was developed with the objec-
tive of evaluating specific responses of the model bridge at
each of the three load levels specified by AASHTO—service
load, overload, and maximum load. These load levels are used
in ALFD and in the current AASHTO limit-states design
approach known as Load Factor Design (LFD) (9). In both
LFD and ALFD, specific structural performance require-
ments must be satisfied at each of the three load levels.

DESCRIPTION OF MODEL BRIDGE

Design of the model bridge began with design of a full-scale
prototype. The prototype was designed according to ALFD
procedures. The prototype bridge configuration used was a
two-span continuous structure with equal spans of 140 ft.
Overall deck width was 48 ft. The roadway width of 44 ft 6
in. allowed for three design lanes. The deck consisted of uni-
form 10-in.-thick precast concrete panels 8 ft wide by 48 ft
long.

The superstructure consisted of three parallel flange (68-
in. web depth) steel plate girders spaced at 17 ft, with a deck
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overhang beyond the exterior girders of 7 ft. Unpainted ASTM
AS588 weathering steel, 50 ksi nominal yield, was assumed in
the design. Because the prototype bridge girders were designed
using ALFD procedures, it was possible to use a prismatic
girder section over the interior pier for this particular bridge
configuration.

The bridge was designed for AASHTO HS-20 live loading
plus the alternative military loading specified by AASHTO
for bridges on the Interstate system. An AASHTO Case I
roadway was assumed for checking fatigue. The prototype
bridge was also designed using improved elastic live-load lat-
eral distribution factors generated using a three-dimensional
finite-element model of the bridge. Live-load distribution fac-
tors developed for one lane loaded were used to check fatigue
details for over 2,000,000 cycles for truck loading, as specified
by AASHTO for a Case I roadway. The improved live-load
distribution factors showed some significant reduction over
factors computed using current AASHTO procedures, par-
ticularly for the interior girder. Details of the prototype bridge
design may be found elsewhere (10,11).

Details of the model bridge design, fabrication, and erec-
tion have also been reported previously (10,11). The scale
factor of 0.4 used for the model bridge was determined by
physical characteristics of the FHWA Structures Laboratory,
fabrication techniques, and availability of plate material. A
typical cross section of the model bridge is shown in Figure
1, and an elevation view of one span is shown in Figure 2.
Details of the model-bridge girders and precast panels are
given below.

Girders

The top flange of each girder in the model bridge was ¥ in.
by 5% in. throughout. The web of each girder was Y4 in. by
27%s in. throughout. The bottom flange of each girder was
%6 in. by 8 in. throughout, except 11 ft 2 in. from the abut-
ments where the flange thickness decreased to % in. All the
above dimensions are nominal. Material tests were conducted
on specimens taken from the actual plate material in the model
to determine the static yield strengths of the webs, flanges,
and stiffeners. Because it was desired to achieve average mea-
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FIGURE 1 Cross section of model bridge.
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FIGURE 2 Elevation of model bridge.

sured static yield strengths as close as possible to the specified
nominal yield strength of 50 ksi, and actual measured yield
strengths are often higher than the specified nominal yield
strength, ASTM A36 material was used for the girders. The
average measured static yield strengths of the plate material
used varied from 42.1 to 55.9 ksi.

Bearing stiffeners were located on both sides of the web of
each girder over the supports. Cross-frame connection plates
were located at 10-ft intervals, measured from the abutments,
along the interior girder on both sides of the web and along
each exterior girder on the inside face of the web only. This
corresponds to a 25-ft cross-frame spacing in the prototype
bridge, which is currently the maximum allowed by the
AASHTO specification. Fillet welds were used to connect the
cross-frame connection plates rigidly to the girder top and
bottom flanges, as required by AASHTO. The cross-frames
were composed of diagonals, top and bottom horizontal mem-
bers, and a vertical post, all WT2x 6.5 rolied sections. The
cross-frame members were welded to Y4-in.-thick gusset plates,
which were bolted to %e-in.-thick connection plates. Because
only a limited number of rolled tee sections were available,
the cross-sectional areas of the individual components of the
cross-frames were not scaled down exactly from the prototype
bridge. To evaluate the effect of improperly scaled down cross-
frames, the stiffness of the cross-frame assemblages was varied
in the finite-element model of the model bridge and found to
have a negligible effect on the computed live-load distribution
factors. Intermediate cross-frames were located 6 ft from each
side of the interior pier. The cross-frames adjacent to the pier
were spaced according to AT.FD criteria to brace the hottom
(compression) flange and ensure adequate inelastic rotation
capacity at maximum load.

Each girder had a bolted field splice 14 ft 3 in. on each side
of the interior pier composed of Y-in. splice plates fastened
with %-in.-diameter ASTM A325 high-strength bolts. Each
girder was supported on roller bearings at both abutments
and on fixed bearings permitting rotation but no translation
at the interior pier. Each end-abutment bearing was a 2-in.-
diameter roller placed between two ¥%-in. sole plates. The
interior-pier bearing consisted of a ¥-in. sole plate, a plate
with a rounded top surface, and two pintels. The top sole

plates were welded to the bottom flange of the girders, and
the bottom sole plates rested on circular load cells supported
on concrete piers. The load cells were used to measure the
girder reactions. Instrumentation on the steel girders included
numerous strain gauges, deflection transducers, and rotation
gauges.

Precast Panels

The 35 modular precast deck panels on the model bridge were
each 4 in. thick, 3 ft 2 in. wide, and 19 ft 2% in. long. The
deck panels were pretensioned in the transverse direction using
a %e-in.-diameter low-relaxation strand and posttensioned
along the full length of the bridge after erection using a
0.60-in.-diameter low-relaxation strand. The bridge deck panels
were designed on the basis of normal-weight concrete with a
28-day compressive strength of 6,000 psi. A “double-female”
type of joint was used at the transverse panel-to-panel inter-
face and grouted before posttensioning. After posttensioning,
a 12-day waiting period was observed to allow for some of
the concrete creep and shrinkage to occur before the panels
were made composite with the girders. Grout was then placed
in the Yie-in. separation between the top of the girders and
the bottom of the deck panels and in each pocket around the
¥s-in.-diameter, 3-in.-long stud shear connectors to achieve
composite action. Leveling and hold-down devices were pro-
vided as specified in the prototype design. Two additional test
panels were cast to obtain independent data on concrete creep
and shrinkage Tnstrumentation in the panels inclnded strain
gauges mounted on mild reinforcement bars embedded in the
panels and numerous surface-mounted Whittemore points.
The average compressive strength of the concrete in the
panels varied from 6,520 to 8,020 psi over the duration of the
bridge tests. The average measured ultimate strength of the
716-in.-diameter prestressing strand was 281.7 ksi, and the
average yield strength measured at 1 percent elongation was
247 .8 ksi. The average measured ultimate strength of the 0.60-
in.-diameter prestressing strand was 271.8 ksi, and the average
yield strength measured at 1 percent elongation was 253.6 ksi.
Measured yield strengths for both the 7is-in.- and 0.60-in.-
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diameter strands exceeded the minimum requirements for
yield strength of 90 percent of the rated strand capacity for
low-relaxation strands specified in ASTM A416.

Finite-Element Model

By using the general purpose finite-element program MSC/
NASTRAN (12), a three-dimensional mathematical model of
the model-bridge superstructure was generated. The three
plate girders were modeled with three bar elements, one for
the web and one for each flange. The three bar elements were
rigidly connected to act as a single beam. A total of 40 grid
divisions per span was used lengthwise along the model. The
cross-frames were modeled with bar elements pinned at the
ends to resist only axial loads.

The deck panels were modeled using four-node isopara-
metric plate elements that resist plane bending and membrane
forces. Two plate elements were used transversely between
each girder, and one plate element was used to model the
deck overhang on one side of each of the exterior girders.
Composite action was simulated by offsetting the flange and
web bar elements from the concrete deck nodal points by the
actual distance between them. It was assumed in the model
that the concrete stiffness was fully effective throughout. A
structural thickness of 10 in., a Poisson’s ratio of 0.15, and a
modulus of elasticity of 4,700 ksi were assumed for the deck-
panel elements. Appropriate boundary conditions were input
at each girder support.

COMPENSATORY DEAD LOADS

Because of the correct scaling of only the model-bridge geom-
etry and applied loads, and not the weight density of the
materials (concrete and steel), actual dead-load stresses in the
model bridge were only about 40 percent of the computed
dead-load stresses in the prototype bridge. To satisfy the rules
of similitude, it was important to model critical dead-load
moments and shears as closely as possible. Therefore, con-
centrated loads were applied to each girder at three locations
in each span to simulate a compensatory uniform dead load.
The loads were applied at approximately the 0.4, 0.6, and 0.8
point in each span of each girder, measured from the abut-
ments. Noncomposite compensatory dead loads were applied
to the bottom flanges of steel girders at these locations imme-
diately after erection of the steel framing. These loads, applied
to the noncomposite structure, compensated for the fact that
the weight density of the steel girders and precast deck com-
ponents in the model bridge could not be scaled correctly with
asingle linear scale factor. These noncomposite compensatory
dead loads were maintained as constant as possible during
erection of the deck panels.

Following erection, posttensioning, and grouting of the deck
system, additional compensatory dead loads were applied to
the composite structure. The composite dead loads were also
applied to the bottom flanges of the girders and compensated
for the loads due to the barrier curbs, railings, and future
wearing surface that were included in the prototype design
but were not physically present on the model bridge. Although
it was recognized that elements such as parapets, curbs, and
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sidewalks may influence the distribution of live loads, it was
beyond the scope of this research program to evaluate the
possible effect of these elements, which was considered sec-
ondary compared with the effects of girder spacing, cross-
frame spacing, and deck thickness.

The combined noncomposite and composite compensatory
dead loads were maintained throughout the influence surface
tests using a hydraulic loading system. After the service load
tests, these loads were transferred from the bottom flanges
of the steel girders to the top of the precast deck panels and
maintained during the subsequent influence surface tests. A
complete discussion of the compensatory dead-load system
used may be found elsewhere (10).

INFLUENCE SURFACE TESTS

Lateral live-load distribution to the steel girders of the model
bridge at elastic service load stress levels was evaluated by
generating a series of influence surfaces for the bottom-flange
axial force in each girder at selected locations. These bottom-
flange forces were used as a measure of the bending moment
in each girder. Deck-panel distribution behavior is not dis-
cussed here.

To generate the influence surfaces, a single concentrated
load of 16.6 kips made of lead weights was applied to the top
surface of the bridge deck at locations longitudinally spaced
approximately every one-fifth of the span along the full length
of the bridge. The magnitude of the load was selected so that
measured strains could be recorded without causing yielding
in the girders. The magnitude of the weight used is not related
to an AASHTO wheel load or concentrated load. The lead
weight was placed on two 4-in. by 12-in. wood blocks spaced
12 in. apart during testing. Figure 3 shows the lead weight
used and the bearing blocks. In the transverse direction, the
applied load was placed near the edge of the deck overhangs,
directly over each girder, and halfway between the girders.

The elastic axial forces in the bottom flange of each girder
caused by a single concentrated load placed at each location
shown in Figure 4 were measured at the interior-pier section
and at the approximate maximum positive-moment section of
the west span. The line at the 0.4 point was assumed to be
critical for bottom-flange axial forces in the positive-moment
region, and the line at the 0.6 point was assumed to be critical
for bottom-flange axial forces in the negative-moment region.
Bottom-flange axial forces at each section were computed
from the average of four measured strains at each bottom
flange location. The measured forces were then used to com-
pute critical elastic live-load distribution factors according to
a method previously reported (13). To illustrate that lateral
distribution factors vary along the span, distribution factors
at critical positive-moment and negative-moment regions of
the bridge for both interior and exterior girders were com-
puted. Factors were computed for only one exterior girder,
because the bridge is symmetrical. These factors were then
compared with (a) factors computed from corresponding bot-
tom-flange axial forces from a finite-element analysis of the
model bridge using the same method, (b) factors computed
using current AASHTO procedures, and (c) factors computed
from proposed empirical formulas and recommendations
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FIGURE 3 Details of dead weight for simulated wheel loadings.

developed in Phase I of NCHRP Project 12-26 on wheel-load
distribution (14).

A series of three tests was conducted to develop influence
surfaces for evaluation of the lateral live-load distribution to
the girders in both positive-moment and interior-pier regions.
The initial series of elastic influence surface tests, designated
Test 1, was completed immediately following erection and
instrumentation of the model bridge and application of the
compensatory dead loads. In Test 1, all cross-frames in the
model bridge remained in place.

Subsequently, the model bridge was subjected to multiple
lanes of simulated AASHTO overload lane and truck loadings
plus impact. The overload tests were designed to cause the
formation of automoments and to illustrate shakedown under
repeated loadings. After shakedown, the bridge behaves
elastically again under subsequent loads not exceeding the
initial overload (/). Permanent deformations due to con-
trolled local yielding allowed at interior piers may be included
in the dead-load camber. The stabilization of the controlied
permanent deformations in the continuous steel girders during

automoment formation and subsequent shakedown was
observed and documented. The results of the overload testing
were reported by Moore and Grubb (/7). Following the com-
pletion of the overload tests, the second series of influence
surface tests, designated Test 2, was conducted. The purpose
of Test 2 was to evaluate the lateral live-load distribution to
the steel girders after formation of the automoments and
shakedown of the bridge. These lateral live-load distribution
factors were compared with the distribution factors computed
before the overload tests.

The third series of influence surface tests, designated Test
3, was conducted immediately following Test 2. For Test 3,
selected intermediate cross-frames in the positive-moment
regions of both the east and west spans were removed. The
purpose of this test series was to evaluate the lateral live-load
distribution to the girders with fewer cross-frames than required
by the current AASHTO specification. In the west span, cross-
frames designated D2-D5 (see Figure 4) were removed. In
the east span, cross-frames designated D9-D12 (see Figure
4) were removed. The critical intermediate cross frames adja
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FIGURE 4 Plan view of model bridge showing the locations of the applied loads during the elastic influence surface

tests.

cent to the pier, designated D6 and D8 in Figure 4, were not
removed. These cross-frames brace the bottom (compression)
flange in this region.

MEASURED BOTTOM-FLANGE AXIAL FORCES
Positive-Moment Region

To determine the critical distribution factors in the positive-
moment region for each test, bottom-flange forces were com-
puted from strains due to the 16.6-kip concentrated load mea-
sured at the 0.4 point of the west span (measured from the
abutment) in the exterior and interior girders. The concen-
trated load was applied across the section at the 0.4 point in
the west span. Figure S presents the bottom-flange forces in
each test measured at the 0.4 point of an exterior girder in
the west span for the loads applied across the section at the
0.4 point in the west span. Similarly, Figure 6 presents the
bottom-flange forces in each test measured at the 0.4 point
of the interior girder in the west span. Also shown in each
figure are the corresponding bottom-flange forces from the
finite-element model of the model bridge.

For the exterior girder, the bottom-flange forces in all three
tests measured in the positive-moment region were generally
within 10 percent of the bottom-flange forces predicted using
the finite-element model. From Figure 5, no significant dif-
ferences were observed in measured bottom-flange forces in
the exterior girder at the 0.4 point for the tests completed

before and after shakedown at overload, Tests 1 and 2. In
addition, no significant differences were observed in mea-
sured bottom-flange forces in the exterior girder at the 0.4
point for the tests completed after shakedown with cross-
frames in place and with selected cross-frames removed, Test
2 and 3.

For the interior girder, no significant differences were
observed in bottom-flange forces measured at the 0.4 point
for tests completed before and after shakedown at overload,
Tests 1 and 2. When selected cross-frames were removed and
the load was applied directly over the interior girder, the
bottom-flange force in the interior girder measured at the 0.4
point increased 12 percent in Test 3 as compared with Test
2. For the load applied directly over an exterior girder, the
bottom-flange force in the interior girder measured at the 0.4
point decreased 11 percent in Test 3 as compared with Test
2.

Negative-Moment Region

To determine the critical distribution factors in the negative-
moment region for each test, bottom-flange forces were com-
puted from strains due to the 16.6-kip load applied across the
section at the 0.6 point of the west span measured at the
interior pier in the exterior and interior girders (measured
from the abutment). Figure 7 presents the bottom-flange forces
in each test due to the application of the concentrated load
across the section at the 0.6 point in the west span measured
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FIGURE 5 Comparison of bottom-flange forces at 0.41 (west
span) from measured test data and the finite-element model for
an exterior girder with the 16.6-kip load applied across the
section at 0.41 (west span).

at the interior-pier region of an exterior girder. Similarly,
Figure 8 presents the bottom-flange forces measured in each
test at the interior-pier region of the interior girder. Also
shown in each figure are the corresponding bottom-flange
forces from the finite-element model.

For both the exterior and interior girders, no significant
differences were observed in bottom-flange forces measured
at the interior pier in Tests 1 and 2, completed before and
after shakedown at overload. For the case in which the load
is applied directly over the interior girder, the bottom-flange
force in the interior girder, measured at the interior pier, was
approximately 24 percent higher in the test with selected cross-
frames removed (Test 3) as compared with the test with all
cross-frames in place (Test 2). For the load applied directly
over an exterior girder, the bottom-flange force in the interior
girder, measured at the interior pier, decreased 13 percent in
Test 3 as compared with Test 2. In general, the bottom-flange
forces predicted by the finite-element model underestimated
the bottom-flange forces measured in each of the experimen-
tal tests.

DISTRIBUTION FACTORS

Once the plots discussed above were developed, the total
bottom-flange axial force due to a single axle line of scaled-
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down AASHTO HS vehicles was computed for each location.
[A single axle line had been determined to be sufficient in
previous studies (73).] This scaled-down single axle line for
three lanes of AASHTO HS vehicles is shown at the bottom
in Figures 5—8. For each girder, the axles are shifted in their
design lanes according to AASHTO rules to cause the worse
loading on that girder. From each plot, contributing bottom-
flange forces under each wheel were computed and summed
for one, two, and three lanes loaded. Each wheel load was
equal to the largest AASHTO HS scaled-down wheel load
divided by 16.6. For three lanes loaded, the sum was reduced
by 10 percent as allowed by AASHTO to account for the
probability of coincident loading. Each sum was then divided
by the theoretical elastic bottom-flange force at either the 0.4
point of the span or the interior pier, developed from a single-
line-girder finite-element model loaded with the largest
AASHTO HS scaled-down single axle load. The result was
then multiplied by 2 to determine the corresponding distribu-
tion factor in units of wheels (13).

Wheel-load distribution factors for an exterior girder are
summarized in Table 1. The distribution factors were com-
puted using experimental data from each of the three tests
and the method discussed above. In addition, Table 1 lists for
comparison the wheel-load distribution factors computed using
the same method with data from the finite-element model,
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factors computed according to the current AASHTO speci-
fication procedures, and factors computed from empirical for-
mulas and recommendations proposed in NCHRP Project 12-
26. The agreement between the factors computed from the
experimental and finite-clement analysis is well within 10 per-
cent in the positive-moment region. For an exterior girder at
the interior-pier region, the larger deviations of up to approx-
imately 20 percent between the experimental and finite-element
based factors appear to relate to some overestimation of the
transverse stiffness of the model bridge by the elastic finite-
element model. For the exterior girder, the current AASHTO
provisions based on assuming the deck to act as a simple span
between the girders provide wheel-load distribution factors
that agree reasonably well with the experimental data, at least
for more than one lane loaded. For multiple lanes loaded,
the AASHTO factors were slightly conservative. It is rec-
ommended in the NCHRP Project 12-26 report (I4) that this
same approach be used for exterior girders until further research
has been completed. According to the current AASHTO design-
lane rules, a distribution factor cannot be computed for the
case of three lanes loaded. As shown in Table 1, the observed
slight variation in the distribution factor along the span is not
considered in either the current AASHTO provisions or the
proposed NCHRP formulas.
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pier from measured test data and the finite-element model for
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Table 2 summarizes similar data for the interior girder at both
the positive-moment and interior-pier regions of the bridge. For
the interior girder, factors computed on the basis of data from
the three experimental tests and the finite-element analysis were
well within 10 percent in the positive-moment region. Again,
in the negative-moment region, the larger deviations of up to
approximately 32 percent between the experimental and finite-
element based factors appear to relate to some overestimation
of the transverse stiffness of the model bridge by the elastic
finite-element model. As with the exterior girder, the distribu-
tion factors for the interior girder vary slightly along the span
of the bridge. For both the positive-moment region and the
interior-pier region, the current AASHTO provisions produce
very conservative distribution factors when compared with the
factors computed on the basis of the experimental data and the
finite-element analysis. On the basis of current AASHTO spec-
ifications, the deck is assumed to act as a simple span between
girders because the girder spacing in the prototype exceeds 14
ft. The empirical formulas for interior girders proposed in NCHRP
Project 12-26 for one lane loaded and for multiple lanes loaded
produce distribution factors that are in close agreement with the
experimental and finite-element data. The multilane formula
proposed in NCHRP Project 12-26 does not differentiate between
two and three lanes loaded.
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TABLE 1 SUMMARY OF WHEEL-LOAD DISTRIBUTION FACTORS OF AN EXTERIOR

GIRDER
Positive - Moment Region Interior - Pier Region
Number of Lanes Loaded Number of Lanes Loaded
One Two Three One Two Three
Lane Lanes Lanes Lane Lanes Lanes
Eapennenial Resuiis:
Test No. 1
Influence Tests Before 1.593 2.455 2.475 1.909 2.850 2.693
Shakedown at Overload
Test No. 2
Influence Tests After 1.598 2.441 2.429 2.009 3.069 2.923
Shakedown at Overload
Test No. 3
Influence Tests with Selected 1.538 2.309 2274 2.025 2915 2,706
Cross Frames Removed
Finite - Element Model 1.500 2.297 2.321 1.669 2575 2.552
Current AASHTO Procedures 2.029 2.647 - 2.029 2.647 -
Procedures Proposed in e 50 o s
NCHRP Project 12-26 2.029 2.647 - 2,029 2647

In NCHRP Project 12-26, limits of applicability were estab-
lished for the proposed empirical formulas. The prototype
bridge falls within the span-length limitation of 200 ft and the
slab-thickness limitation of 12 in. However, it is important to
recognize that other characteristics of the prototype bridge
fall outside the limits of applicability for the empirical for-
mulas proposed in NCHRP Project 12-26. The proposed for-
mulas are only applicable to cross sections with four or more
girders and a maximum transverse girder spacing of 16 ft. The
model bridge tested in this research program was based on a

---- denotes inapplicable

prototype bridge utilizing only three girders and a transverse
girder spacing of 17 ft. Nevertheless, the agreement between
the experimental data and the proposed empirical formulas
is quite good.

For both the interior and exterior girders in the positive-
moment and interior-pier regions, the computed wheel-load
distribution factors based on the influence surface tests con-
ducted before and after shakedown at overload (Tests 1 and
2, respectively) varied less than 10 percent. In general, there
was a trend for the distribution factors before shakedown to

TABLE 2 SUMMARY OF WHEEL-LOAD DISTRIBUTION FACTORS OF THE INTERIOR

GIRDER
Positive - Moment Region Interior - Pier Region
Number of Lanes Loaded Number of Lanes Loaded
One Two Three One Two Three
Lane Lanes Lanes Lane Lanes Lanes
Experimental Results:
Test No. 1 Sl
Influence Tests Before 0.909 1.642 2.122 0.881 1.663 2154
Shakedown at Overioad L
Test No. 2
Influence Tests After 0.832 1.499 1.940 0.921 1.693 2.211
Shakedown at Overload
Test No. 3
Influence Tests with Selected 0.923 1.608 2.058 1.111 1.952 2.478
Cross Frames Removed
Finite - Element Model 0.880 1.555 2.008 0.748 1.421 1.879
Current AASHTO Procedures 1.647 2.824 2.806 1.647 2.824 2.806
Procedures Proposed in
NCHRP Project 12-26 1.027 2122 2.122 1.027 2122 2122
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decrease slightly in positive-moment regions and increase
slightly at the interior-pier regions after shakedown. This could
be a result of some minor concrete cracking that may have
occurred at the interior pier during the overload test.

In general, for both the interior and exterior girders, the
distribution factors changed very little in the tests conducted
after shakedown with the cross-frames in place and with selected
cross-frames removed (Tests 2 and 3, respectively). For the
case of the exterior girder in the interior-pier region, the
computed distribution factors were reduced up to approxi-
mately 7.5 percent from the values after shakedown when the
cross-frames were removed. For the case of the interior girder
at the interior-pier region, the computed distribution factors
increased an average of about 15 percent from the values after
shakedown when the cross-frames were removed. These trends
were slightly less pronounced in the positive-moment regions.

SUMMARY AND CONCLUSIONS

A large experimental test program has recently been com-
pleted to evaluate the behavior of a 0.4-scale model of a two-
span continuous plate-girder bridge with precast prestressed
modular concrete deck panels. The bridge, designed accord-
ing to Alternate Load Factor Design (ALFD), or Autostress
Design, procedures, utilizes noncompact plate girders with
slender webs that fall beyond the current limits of the ALFD
guide specification. A comprehensive test plan was followed
to subject the model bridge to a series of tests designed to
evaluate specific responses at simulated AASHTO service
load, overload, and maximum load levels.

At elastic service-load stress levels, live-load lateral-distri-
bution factors for the exterior and interior girders in positive
and negative bending were computed from experimentally
developed influence surfaces for the bottom-flange axial forces.
These factors were compared with factors computed from a
finite-element model, from current AASHTO procedures,
and from proposed empirical formulas for interior girders. In
positive-moment regions, the factors computed from the
experimental and finite-element model data generally agreed
within 10 percent. The larger deviations between the exper-
imental and the finite-element model factors, in both interior
and exterior girders, at the interior-pier region were probably
caused by overestimation of cross-frame stiffness in the finite-
element model. The interior-girder factors computed from
the proposed empirical formulas also agreed reasonably well
with experimental data, even though the prototype bridge
used in this study falls outside the established range of applic-
ability for the proposed formulas.

The factors computed using current AASHTO procedures
were quite conservative for the interior girder, and less so for
the exterior girders. The AASHTO factor for one lane loaded,
used to check fatigue details for over 2,000,000 cycles of truck
loading on Case I roadways, appeared to be extremely
conservative in all cases. Neither the proposed nor the current
AASHTO procedures accounted for the observed slight var-
iation of the distribution factor along the span, but because
the variation was small, this is probably justified. The data
would seem to indicate that finite-element analysis is a plau-
sible method for computing elastic wheel-load girder distribu-
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tion factors. Also, the proposed empirical formulas appear to
give reasonable results.

For tests conducted before and after shakedown at over-
load, the computed distribution factors varied less than 10
percent. This appears reasonable, because the bridge behaved
elastically again after shakedown. The distribution factors before
shakedown decreased slightly in postive-moment regions and
increased slightly in negative-moment regions after shake-
down, probably because of some minor concrete cracking that
may have occurred over the interior pier during the overload
testing. Thus, the data would seem to indicate that elastic
distribution factors may still be used at overload, even though
controlled local yielding is allowed in ALFD procedures.

For the tests conducted after shakedown with all cross-
frames in place and with selected cross-frames removed, the
computed distribution factors were generally reduced less than
7.5 percent in the exterior girders. For the interior girder,
distribution factors increased up to an average of about 15
percent in negative-moment regions and an average of up to
about 8 percent in positive-moment regions for the tests con-
ducted with cross-frames in place and with selected cross-
frames removed. However, the fact that the distribution fac-
tors did not vary significantly overall when the cross-frames
were removed suggests that the load is primarily distributed
through the concrete deck, at least for bridges without skewed
supports.
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Laboratory Investigation of the Coefficient
of Friction in the Tetrafluorethylene Slide
Surface of a Bridge Bearing

T. 1. CamprBeELL, W. L. KoNg, aAND D. G. MANNING

A laboratory study of the influences of four parameters—contact
pressure, temperature, speed of travel, and roughness of the
stainless steel surface—on the coefficient of friction in a tetra-
fluorethylene—stainless steel interface is described. The coeffi-
cient of friction is found to be a maximum during the first cycle
of movement, to decrease rapidly during the next four cycles,
and to show little variation thereafter. The coefficient of friction
increases with an increase in speed of travel and roughness of the
steel surface and with a decrease in contact pressure and tem-
perature. It is concluded that the values of the coefficient of
friction for tetrafluorethylene given in the Ontario Highway Bridge
Design Code follow the proper trend and are conservative, but
not unduly so, under the combination of low temperature, high
speed of travel, and rough mating surface.

Bearings using tetrafluorethylene (TFE) to provide slide sur-
faces are widely used in bridge structures. A low-friction TFE
surface is used to provide either rotation, by sliding over a
curved surface, or translation, by sliding on a plane surface,
or a combination of both. Stainless steel is commonly used
for the surface mating with the TFE.

The coefficient of friction is the prime parameter in the
design of a TFE sliding bearing for a bridge because it dictates
the magnitude of the forces transmitted from the superstruc-
ture to the substructure of the bridge. A state-of-the-art report
(Z) has identified 14 parameters that affect the coefficient of
friction of TFE sliding on a metallic plate. These parameters
are lubrication, contact pressure, speed of travel, eccentric
loading, temperature, creep, roughness of the mating surface,
type of TFE, attachment of the TFE to the backing plate,
surface contamination, length of the travel path, load and
travel history, specimen size, and wear. The influence of some
of these parameters is not clearly documented in the literature
and contradictory statements exist, particularly in the case of
lubricated surfaces.

Results from a laboratory testing program undertaken to
study the influence of some of the parameters judged to be
the most influential on the coefficient of friction of TFE are
reported in this paper. The testing was carried out at Queen’s
University under the sponsorship of the Ministry of Trans-
portation of Ontario with the aim of refining the provisions
in the Ontario Highway Bridge Design Code (OHBDC) (2)
in relation to TFE slide surfaces.

T. I. Campbell, Department of Civil Engineering, Queen’s Univer-
sity, Kingston, Ontario, Canada K7L 3N6. W. L. Kong, McNeely
Engineering and Structures Ltd., Kingston, Ontario, Canada K7L
1G6. D. G. Manning, Research and Development Branch, Ministry
of Transportation, Downsview, Ontario, Canada, M3M 1J8.

LABORATORY TEST PROGRAM

A suggested expression (1) for the coefficient of friction, p,
of TFE is

po=Qp O

where O and n are parameters and P is the contact pressure
on the TFE. It has been reported that Q is primarily a function
of temperature and speed of travel, whereas n, which has a
value less than unity, is mainly a function of filler content of
the TFE, surface lubrication, surface finish of the metallic
sliding plate, and loading history (3,4). Validation of such a
relationship would simplify the requirements for the coeffi-
cient of friction for TFE slide bearings in bridge design codes.

The Ontario specification for bearings (OPSS 1203, 1988)
stipulates that only dimpled, unfilled TFE resin with a silicone
grease lubricant conforming to U.S. Military Specification
Mil-S-8660C (1983) should be used in the slide surface of a
bridge bearing. The parameters investigated in the test pro-
gram were limited to contact pressure, temperature, speed of
travel, and roughness of the metallic sliding plate. Loading
history was kept uniform throughout the test program.

The ranges of the parameters considered for the test pro-
gram are given in Table 1. These ranges reflect the conditions
to which TFE slide bearings are likely to be subjected in
practice and also limitations of the available test equipment.
Maximum pressures of 30 MPa and 45 MPa are specified (2)
for TFE slide surfaces in bridge bearings under dead load and
total load, respectively. A temperature of —25°C represents
the lowest temperature attainable in the cold room facility at
Queen’s University. The range of speed of travel covers that
from the relatively slow temperature-induced movement to
the expected relatively fast speed during passage of traffic on
a bridge structure, and are within the capabilities of the testing
rig. A 0.25-pum (arithmetic average) finish is required for a
plane surface of the metallic plate, according to the Ontario
specification for bearings (OPSS 1203, 1988). The two selected
roughnesses (0.03 and 0.34 um), measured perpendicular to
the direction of polishing, correspond to those for commer-
cially available Nos. 8 and 4 finish stainless steel plates (ASTM
A480-82a, 1982), respectively. The surface roughness is high-
est perpendicular to the direction of polishing. A No. 8 finish
is normally used for the stainless steel plate in bridge bearings
in Ontario.

The ranges of parameters given in Table 1 were covered in
the series of 12 tests outlined in Table 2. In each series, five
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TABLE 1 RANGES OF PARAMETERS

Parameter Range
Pressure, P (®a) 10, 15, 25, 30, 45
Temperature, T (°C) -25, 20
Speed of travel, V (mm/s) 0.08, 1, 20
Roughnoess of metallie 2.03, C.34%

individual specimens of lubricated, dimpled TFE were tested
under contact pressures of 10, 15, 25, 30, and 45 MPa, respec-
tively, whereas temperature, surface roughness, and speed of
travel were maintained as indicated, giving a total of 60 tests.
The contact pressure was computed using the gross area of
the TFE surface.

The specimens of dimpled, lubricated TFE resin had a
diameter of 75 mm and a thickness of 4.5 mm, and were
recessed to a depth of 2.5 mm in a rigid steel backing plate.
A diameter of 75 mm appears to be the accepted standard
for TFE tests in Europe, and the minimum thickness and free
height of the TFE specimens are stipulated in the Ontario
specification for bearings. A dwell of load period of 12 hr was
used before testing, as required by the American Association
of State Highway and Transportation Officials (5).

The TFE-stainless steel interface was subjected to a certain
number of cycles of movement, using a stroke of +10 mm/
cycle to give a travel path of 40 mm/cycle. Fifty cycles were
selected for the slow speed (0.08 mm/sec) tests in order to
limit the test to a reasonable time period. Three hundred
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TABLE 2 DETAILS OF TEST SERIES

Series Temperature Surface Roughness Travel Speed
"C) (pm) (mm/s )
! 20 0.03 0.08
2 20 0.03 1.0
3 20 0.03 20.0
4 20 0.34 0.08
5 20 0.34 1.0
9 20 0.34 20.0
T 25 0.03 0.08
8 -25 0.03 1.0
9 -25 0.03 20.0
10 -25 0.34 0.08
11 =25 0,34 1.0
12 -25 0.34 20.0

cycles were usually completed in the intermediate speed (1.0
mm/sec) tests and a minimum of 8,000 cycles completed in
the fast speed (20 mm/sec) tests.

A diagrammatic representation of the self-straining rig used
for the testing program is shown in Figure 1. This rig is capable
of subjecting a TFE-stainless steel interface to cyclic sliding
movement at different speeds under different levels of contact
pressure. The TFE specimen is compressed against a stainless
steel plate by means of a vertical hydraulic ram acting through
a spherical bearing to ensure concentric loading. This plate
is attached to a sliding platform that moves horizontally on
steel rollers. The speed and stroke of the horizontal movement
are controlled by an MTS closed-loop testing system. A tri-
angular displacement-time function was used to provide a
uniform speed over the stroke. Load cells were used to meas-
ure the vertical and horizontal loads transmitted to the TFE
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‘\\\‘w. |
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LOAD CELL ~= SPECIMEN !
e =
HYDRAULIC RAM e = = =
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FIGTIRF. 1 Diagrammatic representation of testing rig.
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specimen. The temperature of the TFE-stainless steel inter-
face was monitored, together with the temperature and the
humidity of the environment of the rig. The tests at —25°C
were conducted with the rig located in a cold room facility.

The coefficient of friction at the TFE-stainless steel inter-
face is determined from the ratio of the horizontal to the
vertical load in the interface. A typical variation of the coef-
ficient of friction over a complete cycle of movement is shown
in Figure 2. The static and dynamic coefficients of friction,
which relate to the forces required to initiate movement and
to maintain movement, respectively, are identified. The static
coefficient is taken as the maximum value and the dynamic
coefficient as the minimum value.

The TFE, stainless steel, and lubricant used in the tests
were obtained from the same sources as those used by a
Canadian bearing manufacturer. The dimples on the TFE
surface have a diameter of 8 mm and a depth of 2 mm, and
are arranged in the pattern shown in Figure 3. Molykote 44,
which is a silicone oil thickened with lithium soap, was used
as the lubricant. The stainless steel specimens were mounted
on the sliding platform so that the direction of movement was
perpendicular to the direction in which the stainless steel was
polished. The backing plate containing the TFE specimen was
placed on the stainless steel plate in the test rig, with the TFE
specimen aligned so that the direction of the movement of
the TFE relative to the stainless steel was as indicated in
Figure 3. This alignment of the dimples ensured that the lubri-
cant was smeared uniformly over the entire region of move-
ment of the TFE.

OBSERVATIONS FROM TEST DATA

Data from all 60 tests have been presented and discussed in
detail (6). Phenomena observed during the tests and trends
exhibited by the test data are summarized as follows.
During the tests using the rough (No. 4 finish) stainless
steel plate, the lubricant became darker in color and stiffer
in consistency with the increasing number of cycles compared
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FIGURE 2 Variation of the ratio of horizontal to vertical force
over a cycle.
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FIGURE 3 Arrangement of grease dimples.

with the corresponding tests using the smooth (No. 8 finish)
stainless steel plate. The grease from the smooth stainless
steel plate tests was found to be discolored by the presence
of embedded particles of TFE. The color of the grease from
the tests using the rough stainless steel plate was very dark,
presumably as a result of contamination with residuals of the
abrasive used in polishing the stainless steel.

Significant wear of the TFE was observed in the test carried
out using a smooth stainless steel plate at a contact pressure
of 45 MPa, a sliding speed of 20 mm/sec, and a temperature
of —25°C. Wear was characterized by a deposit of flakes of
TFE on the stainless steel plate at each end of the stroke. A
loss in weight of 4 percent was measured after 8,000 cycles
in this test. By comparison, in the corresponding test using
the rough stainless steel, the loss in weight was only 0.5 per-
cent. The reason for the significantly larger amount of wear
with the smooth stainless steel plate was not immediately
obvious. Traces of wear were also observed in the test using
the smooth stainless steel plate at a contact pressure of 30
MPa, a sliding speed of 20 mm/sec, and a temperature of
—25°C. No wear, as characterized by TFE deposits, was
detected in any other test.

The shape of the force ratio—displacement trace for a cycle
differed, particularly during the early cycles of movement,
for the rough and smooth stainless steel plates. Figure 4 shows
traces from the second cycle of movement in tests with a
smooth stainless steel plate [Figure 4(a)] and a rough stainless
steel plate [Figure 4(b)]. Figure 4(b) shows a more pro-
nounced difference between the ratio of the horizontal to the
vertical force at mid-stroke and at the end of the stroke than
does Figure 4(a). After about 30 cycles, the shape of the trace
for the rough plate approached that of the smooth plate.

The temperature ot the TFE specimen increased with the
number of cycles in the fast speed tests using both smooth
and rough stainless steel plates. After 8,000 cycles at 20°C,
the increase was approximately 2°C for the smooth plate and
3°C to 4°C for the rough plate, whereas at —25°C the cor-
responding increase was from 5°C to 10°C for both plates and
the temperature increased with contact pressure.
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Typical data obtained from one of the tests (Test 6-30) are
shown in Figure 5. Test 6-30 is the test in Series 6 using a
contact pressure of 30 MPa. Values for both the static and
dynamic coefficients of friction, obtained after various cycles
in the tests at 20°C and —25°C, are given in Tables 3 and 4,
respectively.

Generally, the highest value of the coefficient of friction,
both static and dynamic, was recorded during the initial move-
ment from the mid-stroke position. A rapid drop in the mag-
nitude of both coefficients of friction occurred after 1 cycle
of movement, and the magnitude of the drop increased with
speed of movement. A further decrease occurred up to about
5 cycles, after which both coefficients appeared to stabilize
and remain fairly constant up to 50 cycles. For each test, the
difference between the static and dynamic coefficients of fric-
tion remained fairly constant with increasing number of cycles.
Data obtained beyond 50 cycles indicated an increase in both
the coefficients of friction up to about 1,000 cycles, after which
the values stabilized and remained fairly constant up to as
many as 18,000 cycles. However, some exceptions to this
general bend were observed.

In Series 4 and 5, at low and intermediate speeds, respec-
tively, as can be seen from column (1)/(2) of Table 3, the
initial static coefficient of friction was lower than that at 50
cycles, except in Tests 5-15 and 5-45. The maximum value of
the static coefficient of friction in each of these two tests was
recorded at the end of the stroke during the first cycle rather
than at initial movement from the mid-stroke position. Sub-
sequent to the first cycle, the static coefficient decreased and
stabilized after about 5 cycles. On the other hand, in all the
tests of Series 4 and 5, the dynamic coefficient of friction
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increased over the first 5 cycles and then stabilized. This devia-
tion from the general trend may be due to the effectiveness
with which the lubricant is spread during the first cycle of
movement of the TFE on the rough stainless steel plate. The
lower value of the static coefficient of friction occurred at
mid-stroke when the lubricant had been present under pres-
sure for the 12-hr preloading period, whereas the peak coef-
ficient of friction occurred at the end of the stroke when part
of the surtacc of the stainless stecl plate was rceciving lubri-
cant for the first time. The absence of this deviation in the
Series 6 tests suggests that, for the rough plate, the influence
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TABLE 3 COEFFICIENTS OF FRICTION AFTER VARIOUS CYCLES AT 20°C

COEFFICIENT oF FRICTION RAT103
TEST NO. INITIAL AT 50 CYCLES AT SPECIFIED CYCLES
STATIC DYNAMIC STATIC DYNAMIC STATIC ODVNAMIC CYCLES (1)/€2) (4)/(2) (3)/(2)
1) ) 3) €4)

1-to L0L16 ,0087 .0108 .0080 1.07 .74
1-15 .0135 .0820 ,0072 .0051 1.80 .71
1-25 .0058 .0046 .0038 .0028 1.53 74
1-30 . 0055 .0037 ,0038 .0027 1.45 .71
1-45 .0031 .0021 0033 .0025 106 1.06 .68
2-10 .0136 0068 .0077 0050 0100 . 0060 375 1.77 1.30 .65
2-15 .0140 .0092 .0052 .0032 2.69 62
2-25 .0040 .0026 65
2-30 .0040 .0018 ‘45
2-45 .0086 .0079 0033 .0011 2.61 .33
3-10 .0334 .0172 0126 .0064 .0t98 L0112 8000 2.65 1.57 .51
3-15 .0473 .0258 .0081 .0028 .0127 .0041 8000 5.84 1.57 .35
3-25 .0338 ,0181 ,0063 .0035 .0106 .0065 8000 5.37 1.68 .56
3-30 .0290 0175 . 0066 .0044 .0120 .0078 18000 4.39 1.82 67
3-45 0230 0160 .0045 .0030 .0059 .0040 5000 5.11 1.31 67
1-10 .0149 L0100 0169 L0112 .88 .66
4-15 .0146 .0101 69
4-25 .0089 .0063 .0092 .0066 .97 72
4-30 .0062 ,0039 .0082 L0060 .76 .73
4-45 .0054 0054 .0062 0047 .87 76
5-10 .0167 ,0132 .0253 0212 ,0318 .0250 400 .66 1.26 .84
5-15 .0430 ,0280 .0300 .0260 .0253 .0208 360 1.43 B4 "87
5-25 .0146 .0118 .0176 .0140 .0201 ,0153 400 .83 114 ‘8o
5-30 .0114 .0095 .0l41 .0128 ,0175 .0142 360 .81 1.24 “91
5-45 .0143 ,0125 L0124 .0106 L0117 .0910 305 1.15 .94 .85
6-10 0689 .0530 .0387 .0310 0406 .0276 8000 1.78 1.05 .80
6-15 .0528 ,0381 .0274 .0233 0270 L0217 10600 1.93 .99 .85
6-25 .0331 L0191 .0169 .0136 .0170 .0140 10600 1.96 1.01 .80
6-30 L0417 L0218 L0141 .0107 .0109 .0830 10400 2,96 .77 .76
6-45 .0328 .0185 .0104 .0078 .0077 L0610 8000 3.15 .74 .75

Blanks Indicate that data were not avallable

TABLE 4 COEFFICIENTS OF FRICTION AFTER VARIOUS CYCLES AT —25°C

COEFFICIENT OF FRICTION RATIOS

TEST NO. INITIAL AT 50 CYCLES AT SPECIFIED CYCLES
STATIC DYNAMIC STATIC DYNAMIC STATIC DYNAMIC CYCLES (€1)/(¢2) (4)/€2) (3)/(2)

o ¥ 3 D

7-10 .0603 .0279 0286 .0213 2.11 .74
7-15 .0232 .0140 0172 0118 1.35 .69
7-25 .0225 L0112 .0183 .0136 1.23 .74
7-30 .0143 .0105 .0097 .0070 1.47 .72
7-45 .0084 .0055 .0080 ,0059 1.05 .74
8-10 .0549 0251 ,0220 .0168 .0341 .0233 335 2.50 1.55 .76
8-15 .0387 .0197 .0200 .0149 .0253 .0187 335 1.94 1.26 .75
8-25 .0576 .0420 .0254 0200 .0267 .0220 200 2.27 1.05 .79
8-30 .0229 .0139 ,0103 .0080 .0125 .0874 136 2.22 1.21 .78
8-45 .0537 .0340 .0178 .0155 .0225 .0193 235 3.02 1.26 .87
9-10 . 1000 .0526 .0328 .0290 0814 .0686 7400 3.05 2.48 .88
9-15 L1120 .0673 .0277 .0223 .0552 .0467 8000 4.04 1.99 .81
9-25 .0809 .0489 .0265 .0230 .0317 .0270 9546 1.05 1.20 "87
9-30 .0844 .0505 .0266 .0238 .0331 .0128 8000 3.17 1.24 ‘89
9-45 .0590 .0395 .0187 .0163 .0280 .0263 8000 3.16 1.50 ‘87
10-10 .0420 .0247 .0291 L0154 1.44 .53
10-15 .0264 L0161 .0299 .0159 .88 .53
10-25 .0158 .0102 .0156 .0078 1.01 .50
10-30 .0256 .0173 .0252 .0196 1.02 .78
10-45 .0156 .0109 .0208 L0167 .75 .80
11-10 .0660 .0528 .0648 .0488 .0613 .0476 350 1.02 .95 .75
11-15 .0486 .0259 .0372 .0276 0461 .0336 300 1.31 1.24 ‘74
11-25 .0469 .0307 .0267 .0226 ,0340 .0293 235 1.76 1.27 .85
11-30 .0240 .0166 .0148 0118 .0259 .0223 358 1.62 1.75 ‘80
11-45 .0296 .0225 .0205 .0165 .0296 .0257 350 1,44 1. 44 ‘8o
12-10 . 1480 .0770 .0500 .0434 ,0573 .0434 8200 2.96 1.15 .87
12-15 .0945 .0559 ,0430 .0365 .0680 .0570 8000 2.20 1.58 .85
12-25 .0928 0515 .0432 .0370 .0468 .0382 8000 2.15 1.08 .86
12-30 ,0704 .0467 .0220 0212 .0350 .0303 8000 3.20 1.59 .96
12-45 ,0796 .0595 .0247 ,0209 .0240 .0209 8000 3.22 .97 .85

Blanks indicate that data were not avallable



50

of the lubricant on the coefficient of friction may not be as
significant during the initial cycles at higher speeds.

The trends in the Series 7 and Series 10 tests were similar
to those in Series 4 and 5. In the Series 7 tests, both the static
and dynamic coefficients decreased over the first 2 cycles but
increased and stabilized after about 10 cycles. The general
trend in the Series 10 tests, carried out at —25°C using No.
4 stainless steel. was for an increase in the static coefficient
of friction over the first 5 cycles followed by relatively stable
values up to 50 cycles. The appearance of this trend in Series
7, where the smooth stainless steel plate is used, indicates
that the spread of the lubricant may be hindered by the lower
temperature of this test. However, the lack of this trend in
the comparison Series 11 tests, in which rough stainless steel
plate is used, suggests that the influence of the lubricant on
the coefficient of friction is less pronounced at low temper-
ature. The behavior in the low temperature tests may also be
influenced by icing in the TFE-stainless steel interface.

ANALYSIS OF TEST DATA

On the basis of the preceding observations, it may be con-
cluded that, with the exception of the first 5 cycles of move-
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FIGURE 6 Influence of pressure, speed of movement, and
temperature on the coefficient of friction.
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ment, the values of the coefficients of friction after 50 cycles
of movement are representative. Consequently, further anal-
yses are based on the static coefficient of friction at 50 cycles.
Both static and dynamic values appear to follow the same
basic trends.

The column headed (1)/(2) in both Tables 3 and 4 shows
that the ratio of the initial coefficient of friction to that at 50
cycles does not annear to he dependent on contact pressure,
However, this ratio increases with speed of movement and
was as high as 5 in the Series 3 tests, in which the speed of
movement was 20 mm/sec. The ratios in column (4)/(2) of
Tables 3 and 4 indicate in most cases an increase in the coef-
ficient of friction beyond 50 cycles. From column (3)/(2) in
Tables 3 and 4 it can be seen that the ratio of the dynamic
to static friction at 50 cycles varies from an average of 0.54
in Series 2 to 0.88 in Series 12. This ratio appears to be
independent of contact pressure.

Data at 50 cycles from a number of the test series are
presented in Figures 6, 7, and 8 in the form of plots of coef-
ficient of friction against contact pressure. Also shown on
each plot is the best fit to the data of the relationship given
in Equation 1. It can be seen that reasonable fits are obtained
tor the data, particularly from the tests at 20°C. More scatter
is apparent in the data from the tests at —25°C. Values of
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the coefficient of friction specified in the Ontario Highway
Bridge Design Code (2) for unfilled lubricated TFE sliding
surfaces are shown on most of the plots in Figures 6, 7, and
8.

The influence of speed of movement for a particular tem-
perature and surface roughness of the stainless steel is indi-
cated in Figure 6, whereas the influence of surface roughness
for a particular temperature and speed of movement and the
influence of temperature for a particular speed of movement
and surface roughness are indicated in Figures 7 and 8, respec-
tively. All the plots in Figures 6, 7, and 8 show the established
trend, in that the coefficient of friction of TFE decreases with
increasing pressure under all conditions.

Data from tests using No. 8 finish stainless steel at 20°C
and —25°C, respectively, are shown in Figures 6(a) and 6(b),
which reflect the general trend observed by others that the
coefficient of friction increases with speed of movement. It
can be seen, however, that this is not the case under all con-
ditions. Figure 6(a), relating to the tests at 20°C, indicates
that the coefficient of friction at 0.08 mm/sec is greater than
that at 1 mm/sec at contact pressures below 25 MPa, whereas
Figure 6(b), relating to the tests at —25°C, indicates a similar
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trend at contact pressures below 15 MPa. Further, it can be
seen in Figure 6 that for the relevant combinations of the
parameters, all measured values of the coefficient of friction
are less than the specified values for unfilled TFE in the
OHBDC (2).

The coefficient of friction is higher for the rougher (No. 4
finish) stainless steel, as seen in Figure 7. However, it appears
that for a particular contact pressure the difference between
the values of the coefficient of friction for the two finishes
(Nos. 4 and 8) is similar at —25°C and 20°C. It is indicated
in Figure 7(b) that the measured coefficient of friction exceeds
the OHBDC value at contact pressures in the 20- to 30-MPa
range at —25°C with a No. 4 finish stainless steel plate and
a speed of movement of 20 mm/sec. However, this finish (0.34
pm) is rougher than the 0.25-um finish permitted by the
OHBDC.

It can be seen from Figure 8 that the coefficient of friction
is larger at —25°C than at 20°C. Also it appears that the rate
of decrease in the coefficient of friction with increasing contact
pressure is lower for the rough stainless steel plate.

A single value of each of the two parameters, O and n,
used in Equation 1 to relate the coefficient of friction and the
contact pressure, was obtained from each of the test series
by means of a regression analysis. These 12 data points were
insufficient to develop general relationships for the variation
of O and n with speed for the two conditions of temperature
and roughness of the stainless steel. More test data are required.

RECOMMENDATIONS FOR DESIGN AND
FURTHER RESEARCH

The values of the coefficient of friction for unfilled TFE, as
given by the OHBDC, are higher than those obtained after
50 cycles for all conditions simulated in the test program, with
the exception of the high-speed tests at —25°C using a rough
stainless steel plate in the 20- to 30-MPa range. Because smooth
(No. 8 finish) stainless steel is normally used for bearings
manufactured in Ontario, the OHBDC values may be con-
sidered conservative for temperatures as low as —25°C and
speeds of movement up to 20 mm/sec, provided that it is
permissible to design structures for the static coefficient of
friction at 50 cycles.

A comparison between the values of the initial static coef-
ficient of friction from the tests using the No. 8 finish stainless
steel and those specified in the OHBDC is shown in Table 5.
It can be seen that if structures are to be designed for the
initial level of friction, the OHBDC values may be uncon-
servative, particularly at a temperature of —25°C and a speed
of 20 mm/sec (Series 9 tests). The initial coefficient of friction
in this case may be as high as 2.8 times the OHBDC value.

Because the coefficient of friction decreases rapidly during
the first few cycles of movement and changes little between
5 and 50 cycles, it appears that significant benefits, in the form
of a reduction in the specified coefficient of friction for design,
could be achieved if the initial coefficient of friction of TFE
could be reduced. This may be possible by subjecting the
sliding surface to cyclic movement before installation of a
bearing. Other possible means of reducing the initial coeffi-
cient of friction should also be explored.
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TABLE 5 COMPARISON OF TEST AND OHBDC VALUES
FOR THE COEFFICIENT OF FRICTION

Test NO, =  =reesececccccccccccncnn Initial/OHBDC
Initial OHBDC
1-10 0.0116 0.06 0.193
1-15 0.0135 0.05 0.270
1-25 0.0058 0.03 0.193
1-30 0.0055 0.03 0.183
1-45 0.03
2-10 0.0136 0.06 0.227
2-15 0.0140 0.05 0.280
2-25 0.03
2-30 0.03
2-45 0.0086 0.03 0.287
3-10 0.0334 0.06 0.557
3-15 0.0473 0.05 0.946
3-25 0.0338 0.03 1.127
3-30 0.0290 0.03 0.967
3-45 0.0230 0,03 0.767
7-10 0.0603 0.06 1.005
7-15 0.0232 0.05 0.464
7-25 0.0225 0.03 0.750
7-30 0.0143 0.03 0.477
7-45 0.0084 0.03 0.280
8-10 0.0549 0.06 0.915
8-15 0.0387 0.05 0.774
8-25 0.0576 0.03 1.920
8-30 0.0229 0.03 0.763
8-45 0.0537 0.03 1.790
9-10 0.1000 0.06 1.667
9-15 0.1120 0.05 2.240
9-25 0.0809 0.03 2.697
9-30 0.0844 0.03 2.813
9-45 0.0590 0.03 1.967

The ratio of the initial coefficient of friction to that at 50
cycles increases with sliding speed, as shown in Columns (1)/
(2) of Tables 3 and 4. Sliding speeds at the bearings of typical
bridge structures should be determined from field tests in
order to establish upper limits for the sliding speed.

CONCLUSIONS

On the basis of the coefficient of static friction after 50 cycles
of movement, unless otherwise stated, the following conclu-
sions may be drawn from the data obtained in this test pro-
gram:

1. The coelficient of frictivn decieases with iucieasing
pressure over the range 10 to 45 MPa.

2. The general trend is an increase in the coefficient of
friction with sliding speed over the range 0.08 to 20 mm/sec.
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3. The coefficient of friction increases with roughness of
the stainless steel plate over the range 0.03 to 0.34 pm.

4. The coefficient of friction increascs with dccrcasc in
temperature over the range 20° to 25°C.

5. Values of the coefficient of friction given for unfilled
TFE in the OHBDC indicate the proper trend and are con-
servative except for the rough stainless steel plate at —25°C
and a travel speed of 20 mm/sec.

6. The initial coefficient of friction can be as high as five
times that after 50 cycles of movement.

7. The coefficient of friction generally decreases rapidly
during the first 5 cycles of movement, remains fairly constant
up to 50 cycles, increases slightly from 50 to 1,000 cycles, and
then again remains fairly constant up to as many as 10,000
cycles.

8. The dynamic coefficient of friction is lower than the
static coefficient but follows the same trend with an increasing
number of cycles.

9. The relationship of Equation 1 gives a reasonably good
fit to the test data, but more data are required in order to
establish values of the parameters Q and n.

10. Possible means of reducing the initial coefficient of fric-
tion should be cxplored.
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Integral Bridges

MARTIN P. BURKE, JR.

In the United States and Canada, integrated bridge construction
is becoming one of the bridge engineer’s primary responses to
joint-related bridge damage caused by the use of deicing chem-
icals and the restrained growth of rigid pavements. The relative
success that has been experienced with integral bridges—bridges
without deck joints—is now being reflected not only in the
increasing number of longer integral bridges, but also in the inte-
gral conversion of existing jointed bridges. It appears that the
initial success of such techniques would be an accelerated use of
integrated conversion as an effective alternative to bridge joint
rehabilitation.

Integral bridge construction may be defined as the practice
of constructing bridges without deck joints. When such con-
struction is used to eliminate intermediate joints in multiple-
span bridges, it is accepted that the continuity achieved by
such construction will subject superstructures to secondary
stresses. These stresses are caused by the response of contin-
uous superstructures to thermal and moisture changes and
gradients, settlement of substructures, posttensioning, and so
on. When such construction is used to eliminate deck joints
at abutments, it is likewise accepted that such structures will,
in addition, be subjected to secondary stresses due to restraint
provided by abutment foundations and backfill against the
cyclic movement of bridge superstructures. The justification
for such construction is based on the recognition that for short-
and medium-span bridges of moderate lengths, significantly
more damage and distress has been caused by the use of deck
joints than by the secondary stresses these joints were intended
to prevent. In addition, elimination of costly joints and bear-
ings and the details and procedures necessary to permit their
use generally results in more economical bridges. Conse-
quently, more bridge engineers are now willing to relinquish
some of their control of secondary stresses primarily to achieve
simpler and less expensive bridges with greater overall integ-
rity and durability.

CONTINUOUS SUPERSTRUCTURES

Current design trends received their primary impetus and
direction almost six decades ago. In May 1930, a brief 10-
page paper (/) published in the Proceedings of the American
Society of Civil Engineers generated considerable discussion
in academia. It also created a minor revolution in the design
and construction of short- and medium-span bridges. In this
paper, Cross presented a simple and quick method for the
analysis of integral-type structures such as continuous beams
and frames. The method was quickly adopted by bridge engi-
neers, and the bridge practices of many transportation depart-

Burgess & Niple, Limited, 5085 Reed Road, Columbus, Ohio 43220.
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ments began to change. Before Cross’ “moment distribution,”
multiple-span bridges were generally constructed as a series
of simple spans. Following the introduction of moment dis-
tribution, bridge engineers began eliminating troublesome deck
joints at piers by providing continuous superstructures.

On the basis of a recent mail survey (2), it appears that the
Ohio Department of Transportation was onc of the first agen-
cies to initiate the routine use of continuous construction (Fig-
ure 1). Its experience provides an informative background for
this movement toward the use of fully integrated continuous
construction. At first, riveted field splices were used to inte-
grate adjacent spans and achieve full continuity for steel stringer
bridges. By 1934, the department had devised its first butt-
welded field splice. Following this first tentative application,
the welded field splice was continuously improved and used
almost exclusively for more than 30 years for the erection of
steel stringer bridges. In the late 1950s, high-strength bolted
field splices were adopted for the Patterson-Riverside Bridge
at Dayton, Ohio, one of the first bridge applications for high-
strength bolting in the United States. By 1963, high-strength
bolting replaced field butt welding in Ohio as the method of
choice for integrating multiple-span steel bridges to achieve
full continuity. Consequently, by riveting, field welding, and
high-strength bolting, Ohio has employed continuous con-
struction almost exclusively on multiple-span steel bridges for
close to 50 years. Because continuity can be achieved more
readily with cast-in-place concrete, Ohio has been building
continuous concrete bridges for close to 60 years.

Figure 1 shows the beginning of the routine use of contin-
uous construction in the United States and Canada and the
per-decade increase in the number of transportation depart-
ments that have adopted the use of continuous construction.
As shown in Figure 1, 26 of 30 departments responding to
the recent mail survey (2), or 87 percent of responding depart-
ments, now routinely use continuous construction for short-
and medium-span bridges.

Currently the state of Tennessee appears to be leading the
way in constructing long continuous bridges. For example,
the Long Island Bridge at Kingsport was constructed in 1980
by using 29 continuous spans without a single intermediate
joint. The total length of this bridge is about 2,700 ft center
to center of abutment bearings. Deck joints and movable
bearings have been furnished, but only at the two abutments.
It has been aptly named “The Champ.”

INTEGRAL BRIDGES

During the past two to three decades, many bridge engineers
have become acutely aware of the relative performance of
bridges built with deck joints at abutments and those built
without them. In most respects, bridges without joints—inte-
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FIGURE 1 Design trends for continuous bridges: early
conversion of simple spans to continuous spans.

gral bridges—have performed more effectively, because they
remain in service for longer periods of time with only mod-
erate maintenance and occasional repairs. Some of this expe-
rience was forced upon bridge engineers by circumstances
beyond their control.

Because ot the growth and pressure generated by jointed
rigid pavement, many bridges built with deck joints at abut-
ments have been and are being severely damaged. After deck
joints are closed by pavement growth, bridge decks are squeezed
by the generation of pavement pressures. These pavement
pressures can easily exceed 1,000 psi or cumulatively the total
force due to such pressures can exceed 650 tons per lane of
approach pavement (3). When the design of abutments for
nonintegral-type bridges—bridges with deck joints at abut-
ments—is considered, the forces of these magnitudes are irre-
sistible. Many abutment backwalls have been fractured. Other
abutments have been split from top to bottom. In longer
bridges with intermediate deck joints, piers have been cracked
and fractured as well.

In geographical areas with low seasonal temperatures and
an abundance of snow and freezing rain, the use of deicing
chemicals to maintain dry pavements throughout the winter
season has also had a significant effect on the durability and
integrity of bridges built with deck joints. Open joints and
sliding plate joints of shorter bridges and open finger joints
of longer bridges have allowed deck drainage, contaminated
with dcicing chemicals, to penctrate below deck surfaces and
wash over supporting beams, bearings, and bridge seats. The
resulting corrosion and deterioration have been so serious that
some bridges have collapsed and others have had to be closed
to traffic to prevent their collapse. Many bridges have required
extensive repair; most of the bridges that have remained in
service have required almost continuous maintenance to coun-
teract the adverse effects of these chemicals. To help minimize
or eliminate these corrective efforts, a whole new industry
was created.

Beginning in the early 1960s, the first elastomeric compres-
sion seals were installed in bridges in the United States to
seal deck joints. Since these first installations, numerous types
of elastomeric joint seals have been developed and improved
in an attempt to achieve a joint seal design that would be
both effective and durable. Most designs have been disap-
pointing. Many leaked. Some required more maintenance
than the original bridge built without seals. By and large, the
many disappointments associated with various types of seals
have caused bridge engineers to consider other options.
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Costs of various types of bridges showed marked differ-
ences. For two bridges built essentially the same except that
one was provided with separate abutments and deck joints
and the other was provided with integral abutments, the jointed
bridge was usually more expensive. In addition, bridges with
integral abutments suffered only minor damage from pave-
ment pressure, were essentially unaffected by deicing chem-
icals, and functioned for extended periods without apprecia-
ble maintenance or repair. Consequently, more bridge engineers
began to appreciate the merits of integral bridges for short to
moderate bridge lengths. Gradually, design changes were made
and longer integral bridges were built and evaluated. In 1946
Ohio’s initial length limitation for its standard continuous
concrete slab bridges was 175 ft. In a 1973 study of integral
construction (4), 4 states responded that they were using steel
bridges and 15 states that they were using concrete bridges
in the 201- to 300-ft range. In a 1982 study (5), even longer
bridges were reported:

Continuous steel bridges with integral abutments have per-
formed successfully for years in the 300-foot range in such
states as North Dakota, South Dakota, and Tennessee. Con-
tinuous concrete structures, 500 to 600 ft long with integral
abutments have been constructed in Kansas, California, Col-
orado, and Tennessee.

Currently, 11 states are building continuous bridges with
integral abutments in the 300-ft range. Missouri and Tennes-
see report even longer lengths. Missouri reports steel and
concrete bridges in lengths of 500 and 600 ft, respectively,
and Tennessee reports lengths of 400 and 800 ft for similar
bridges. Finally, Figure 2 shows that 20 of 30 transportation
departments, or 60 percent of those responding to the survey,
are now using integral construction for continuous bridges.

The attributes of integral bridges have not been achieved
without cost. Parts of these bridges operate at very high stresses,
stresses that cannot easily be quantified. These stresses are
significantly above those permitted by current design speci-
fications. In this respect, bridge engineers have become rather
pragmatic. They would rather build cheaper integral bridges
and tolerate these higher stresses than build the more expen-
sive jointed bridges with their vulnerability to destructive
pavement pressures and deicing chemical deterioration. In
1985, Loveall, then Engineering Director for the Tennessee
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FIGURE 2 Design trends for continuous bridges: early use of
integral abutments.
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Department of Transportation, reflected this attitude when
he wrote (6):

In Tennessee DOT, a structural engineer can measure his
ability by seeing how long a bridge he can design without
inserting an expansion joint. . . . Nearly all our newer (last 20
years) highway bridges up to several hundred ft have been
designed with no joints, even at the abutments. If the structure
is exceptionally long, we include joints at the abutment but
only there. . . . Joints and bearings are costly to buy and install.
Eventually they are likely to allow water and salt to leak down
onto the superstructure and pier caps below. Many of our most
costly maintenance problems originated with leaky joints. So
we go to great lengths to minimize them.

Even though bridge engineers have conditioned themselves
to tolerate higher stress levels in integral bridges, occasionally
their design control is not sufficient to prevent these high
stresses from resulting in structural distress and structural
fracture.

STRUCTURAL DISTRESS

Responses to an early survey about construction of continuous
bridges with integral abutments indicated a rather widespread
concern by bridge engineers for the potentially high stresses
that would be present in longer bridges (4). This concern,
more than any other, appeared to be responsible for the early
lack of enthusiasm for using integral abutments for longer
continuous bridges. Although the majority of bridges with
integral abutments perform adequately, many of them oper-
ate at high stress levels. For instance, an abutment supported
on a single row of piles is considered flexible enough to accom-
modate longitudinal thermal cycling of the superstructure and
dynamic end rotations induced by the movement of vehicular
traffic. Nevertheless, the steel piles of such an abutment are
routinely subjected to axial and flexural stresses approaching,
equaling, or exceeding yield stresses (5,7). Occasionally, a
combination of circumstances results in visible distress.

Responding to a 1973 survey, a number of bridge engineers
said that some integral abutment wingwalls had minor cracks
(4). This problem was corrected by more generous wingwall
reinforcing steel. Other engineers reported pile cap cracking,
which appears to have been eliminated by rotating steel H-
piles to place the weak axis normal to the direction of bridge
movement.

In a recent article in Concrete International, Gamble (8)
emphasizes the importance of considering restraint stresses
in cast-in-place construction. He discusses cracking that occurred
in a continuous concrete frame bridge. Even though concrete
in this structure was considerably below the specified cylinder
strength and shear reinforcement did not meet current
requirements, failure of the structure was attributed to its
stiffness and resistance to shrinkage and contraction of the
bridge deck. Failures of this type emphasize the necessity of
achieving flexibility in substructure design and conservative
reinforcement to withstand secondary stresses induced by
foundation restraint and superstructure shortening.

Currently, precast concrete or prefabricated steel super-
structures are generally replacing small cast-in-place bridges
in many states and provinces. Consequently, problems asso-
ciated with initial shrinkage are gradually being eliminated.
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However, where cast-in-place construction continues to be
used, flexibility of substructures remains a critical part of
bridge design. For example, Loveall said (6):

Structural analysis of our no joint bridges indicates that we
should have encountered problems, but we almost never have.
Once we tied the stub abutment of a bridge into rock, and the
structure cracked near its end, but we were able to repair the
bridge and install [a] joint while the bridge was under traffic.
The public never knew about it. That was one of few problems.

Development of new forms of construction will be accom-
panied by instances of structural distress, and this has certainly
been true for continuous bridges with integral abutments.
However, as shown in Figure 2, the increased use of integral
abutments suggests that 60 percent of transportation depart-
ments are satisfied with the performance of integral construc-
tion and are using such construction in one form or another
for longer and longer bridges. With continued care and con-
sideration, the trend shown in Figure 2 will no doubt continue.

INTEGRAL BRIDGE DETAILS

Figures 3-8 show integral abutment details used by six trans-
portation departments. It is probably not accidental that a
fair amount of similarity is evident in these designs, because
structural details from early successful designs are adapted by
other bridge engineers for use by their departments. Even
though there are similarities, there are also differences, which
reflect the types of bridges being built and the care and con-
cern being given to the choice and development of specific
details. It should also be realized that these sketches are “bare
bones” presentations. They do not reflect other important
design aspects such as skew and construction procedures, which
are considered in the application of these details for specific
bridges. These aspects cannot be illustrated and properly
described in a paper as brief as this one. Nevertheless, because
these aspects can have a considerable effect on the perform-
ance, integrity, and durability of integral designs, it is appro-
priate to mention at least passive pressure and pile stresses
for those engineers considering such designs for the first time.

. Bridge _length "L
i_ Span

o ..[*'\'—‘
{"Q-{ . - — ¢ Abuf. bearing
L .

?Aﬁ_;_ :L_- E
g
10" y Preslressed
£ ) concrete
Constr. jt— : beams
T 120"
N EAT
¢ Piles LIMITATIONS
Ly SKEW MAX "
gt = 45° 300
BE AL -450 150

FIGURE 3 Integral abutments: Towa.



56
ot
" l't:_-)T' _,Span =
— == —7—Prestressed
) | __ e deck panels
)| o s
AASHTO No, 57 gl 5T
cours‘.g oggregote\ Kﬁ’- t e Prestressed
< A concrete
1™ : v .[ beams
-
i W j fhe
corentin =
Geotextile J\' . g_. o' M
malerial — P ik 'r\“"A_ I
I-6 [ o5 ==
sl 2
NOTE: 13" Min L
Turnback wings J e
o s ple, | JfESIERL | MRS
|6!| 26" [2-0"Min

FIGURE 4 Integral abutments: Pennsylvania.

Bridge length L
Spon
I‘-O"f-O"
—;.-_.1.'_.__;_:) :I‘"—j‘ v i ==
f JETs —1—Steel
Bk | beom
Select o |.’ = CQ&;‘{Y
backfill el )
Lo
|I"Z1 '.—'J
| b L :w.l-fi:'s,'.‘g'_
— TS —
T
(3 " ]“ Ul
2-6" 1210 2-6
LIMITATIONS 7-0"
SKEW MAX 'L L1
Q* 350
30° 300

FIGURE 5 Integral abutments; North Dakota.

Bridge length gl

Slab reinf ”"h?gﬁ"
not shown =]
\ Span
o \__ Jag e e ]
gy /— Constr. PPC |-Beam
\ joint or W Beom
P\
—‘\%‘/ " -0" Clear
Uncompacted . \} i
F e R | .
L oy e
material o W“’\"?@"‘QL
Steel H piles \gi
e | LIMITATIONS
9'|1-3]|[-3" Deck Type Steel Concrefe
208" | Moxl" 200 300

FIGURE 6 Integral abutmen

' Max. Skew  30° 30°

ts: Illinois.

TRANSPORTATION RESEARCH RECORD 1275

Bridge length "L

=
) O R . ..V — Slah
o O3 ¢ Brg's /_ reinf.
; == ) J  not shown
m_ﬁ:
I § o
o 1-3
g[s — —— Steel
b — Constr. girder
3‘ ~ joint
ks
€03 1
.u 1 " .
Varies 2-6 Min
2-0"Min—, .7+ 4-0'Bench
I-OT_ i 1
. e TR 2
6" per. CMP — e Y“
Clztlaun well drained R
aggregate
¢ HP 10x42 Piles !
: LIMITATIONS
OO ] SKEW MAX "
|.2-0" [I-31-37] 45° 400

FIGURE 7 [Integral abutments: Tennessee.

Bridge length "L
-g" Spon

& &94——- ¢t Brg's.

1~ Constr joint
e}

T I 0l
I-6" Min

¥ -Rock
) G channel
protection

Constr.
joint [
. {5

¢ BP 10x42 Piles LIMITATIONS

gL SKEW MAX."L"
-6 16" 30° 300

FIGURE 8 Integral abutments: Ohio.

Passive Pressure

To minimize the passive pressure developed in abutment backfill
by an expanding integral bridge, design engineers have used
a number of controls, devices, and procedures. Including but
not limited to the following, they have (a) limited bridge
length, structure skew, and the vertical penetration of abut-
ments into embankments; (b) used select granular backfill
and uncompacted backfill; (c¢) provided approach slabs to
prevent vehicular compaction of backfill or to permit the use
of backfill voids behind abutments; (d) used embankment
benches to shorten wingwalls and used suspended turn-back
wingwalls; and (e) used semiintegral abutment designs (Figure
4) to eliminate passive pressure below bridge seats.
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Pile Stresses

Knowing that longitudinal forces in superstructures are some-
what directly related to the resistance of abutment pile foun-
dations to longitudinal movement, design engineers have (a)
limited the foundation of integral bridges to a single row of
slender vertical piles, (b) limited the pile types, (c) oriented
the weak axis of H-piles normal to the direction of movement,
(d) used prebored holes filled with fine granular material for
piles, (e) provided an abutment hinge to control pile flexure,
(f) limited structure skew, and (g) used semiintegral abutment
designs for longer bridges (Figure 9) to minimize foundation
restraint to longitudinal movement.

Surveys

A number of questionnaires about integral bridge practices
have been circulated in recent years. The responses reflect
the policies, attitudes, and opinions of those engineers respon-
sible for bridge design policies. They also show how some of
those attitudes and opinions have changed during the last
decade. In 1973, Emanual et al. (4) received responses about
their current design practices from 43 transportation depart-
ments. In 1982, Wolde-Tinsae et al. (5) used a questionnaire
as part of an investigation into nonlinear pile behavior.
Responses from 29 transportation departments were pre-
sented in tabular form. In 1983, Greimann et al. (9) elicited
responses from 30 transportation departments on their pile
orientation practices for skewed integral bridges. In 1987,
Wolde-Tinsae and Klinger (10) solicited responses from selected
transportation departments in the United States, Canada,
Australia, and New Zealand. (The reports by Wolde-Tinsae
et al., Greimann et al., and Wolde-Tinsae and Klinger also
contain valuable bibliographies for those interested in a more
in-depth study of current research on behavior of integral
bridges and performance of abutment pilings.) Last, in 1987
the author received responses from 30 transportation depart-
ments describing the limitations that these departments use
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to control the behavior and performance of integral bridges

@).

INTEGRAL CONVERSIONS (RETROFITTING)

Following the trend toward the use of continuous construction
and the use of integral abutments, as shown in Figures 1 and
2, transportation departments are also beginning to convert
existing multiple-span bridges from simple to continuous spans.
Figure 10 shows that this effort began with Wisconsin and
Massachusetts in the 1960s and has gathered strength in the
past two decades. Currently 11 of 30 departments, or about
30 percent of the transportation departments, have converted
one or more bridges from multiple simple spans to continuous
spans.

Although the chart in Figure 10 suggests considerable activ-
ity, it actually shows only the relative number of departments
that have made such conversions. It is not indicative of the
number of bridges that have been converted. For example,
positive responses were received from only two departments
in response to the following question (2): “In recent years,
have you converted any bridges from multiple simple spans
to continuous spans to eliminate intermediate deck joints?”
The Ontario Ministry of Transportation and Communications
responded:

We are modifying a few structures from simple spans to con-
tinuous spans, eliminating the intermediate deck joints in the
process. . . .

The Texas Department of Highways and Public Transporta-
tion responded:

In recent years, we have eliminated numerous intermediate
joints. Generally, this is done while replacing the slab. We
simply place the slab continuous across the bents. On a few
occasions, we have removed only the joint and surrounding
deck area, added reinforcing, and replaced that portion of the
deck thus tying the adjacent spans together.

The Tennessee Department of Transportation also has been
actively converting simple span bridges to continuous spans.
In a recent paper, Wasserman, Engineering Director of Struc-
tures at the Tennessee Department of Transportation describes
and illustrates a number of such conversions (/7).
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To give this movement some direction, the Federal High-
way Administration has issued a Technical Advisory on the
subject (12). That advisory in part recommends that a study
of the bridge layout and existing joints be made ““to determine
which joints can be eliminated and what modifications are
necessary to revamp those that remain to provide an adequate
functional system. . . .” For unrestrained abutments,

a fixed integral condition can be developed full length of the
shorter bridges. An unrestrained abutment is assumed to be
one that is free to rotate, such as a stub abutment on one row
of piles or an abutment hinged at the footing. . . . [W]here
feasible, develop continuity in the deck slab. Remove concrete
as necessary to eliminate existing armoring, and add negative
moment steel at the level of existing top-deck steel sufficient
to resist transverse cracking [Figure 11].

The detail shown in Figure 11 reflects the procedure described
by Texas. Note that the detail shows that only the slab portion
of the deck is being made continuous. The simply supported
beams remain simply supported. For such construction, it is
important to ensure that one or both of adjacent bearings
supporting the beams at a joint are capable of allowing hor-
izontal movement. Providing for such movement will prevent
horizontal forces from being imposed on bearings from rota-
tion of the beams and slab continuity.

The state of Utah also has converted some simple span
bridges to continuous ones by using a design similar to the
one shown in Figure 12. For deck slabs with a bituminous
overlay, a membrane can be used to waterproof the new slab
section over piers. With a design like this, it is understood
that the deck slab would be exposed to longitudinal flexure
from rotation of the beam ends responding to the movement
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Continuity reinf. F— ¢ |Exist. joint
L\

Slab | SRR R TN
{20l
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FIGURE 12 Integral conversions at piers: Utah,
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of vehicular traffic. However, for short- and medium-span
bridges, the deck cracking associated with such behavior is
preferred by some over the long-term adverse consequences
associated with an open joint or a poorly executed sealed
joint.

In new construction, conversion of simple spans to contin-
uous spans is rather commonplace. Figure 13 shows the design
detail used in Wisconsin for prestressed I-beam bridges. A
substantial concrete diaphragm is placed at piers between the
ends of simply supported prestressed beams of adjacent spans.
It extends transversely between parallel beam lines. Then a
reinforced concrete deck slab is placed to integrate the beams
and deck slab, thereby providing a fully composite continuous
structure. This type of prestressed [-beam construction appears
to be standard for many transportation departments.

Figure 14 shows the standard design detail used by the state
of Ohio to achieve continuity for simply supported prestressed
box beams. These box beams are placed side by side and then
transversely bolted together. Finally, continuity reinforce-
ment is placed and the concrete closure placement is made.

In a 1969 paper, Freyermuth (13) gives a rather complete
description of the considerations necessary to achieve conti-
nuity in a bridge composed of a continuously reinforced con-
crete deck slab on simply supported precast prestressed beams.
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FIGURE 14 Integral conversions at piers: Ohio.
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Conversion of existing bridges either by replacing the deck
completely or by replacing portions of the deck adjacent to
deck joints over piers can be accomplished by following the
procedures developed for new structures. Obviously, for existing
bridges, creep effects will be negligible. Shrinkage effects for
other than complete deck slab replacements should also be
negligible. Not only does such continuous conversion elimi-
nate troublesome deck joints, the continuity achieved also
results in a slightly higher bridge load capacity because pos-
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FIGURE 15 Integral conversions at stub-type abutments.
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itive moments due to live load are reduced by continuous
rather than simple beam behavior.

Although too recent to consider in terms of a design trend,
conversion of nonintegral to integral or semiintegral abut-
ments for both single- and multiple-span bridges has begun.
Figures 15 and 16 give design details used for a number of
recent conversions by the Ohio Department of Transporta-
tion. Reconstruction of these abutments was made necessary
by the substantial damage induced by pavement growth and
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(Single span bridge)

FIGURE 16 Integral conversions at wall-type abutments.

pressure, by deicing chemical deterioration, or by both. Instead
of replacing backwalls and joints, and in some cases bearings
and bridge seats as well, it was decided to pattern the recon-
struction after the design details used by the department for
its new integral bridges. In this way, subsequent concern about
the effects of pavement pressure and deicing chemical dete-
rioration has been minimized.
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(Multiple span bridge)

SUMMARY

As the trend shown in Figure 1 continues, it appears that the
use of continuous construction for multiple-span bridges will
become standard for all transportation departments in the
very near future. It also appears that the use of integral abut-
ments for single- and multiple-span bridges (Figure 2) will
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increase when comprehensive and conservative guidelines for
their use become more readily available and when their long-
term performance has been more fully documented.

Because design and construction of fully continuous bridges
have become routine and continuous conversion of simple
spans in new construction is becoming more commonplace,
it is surprising that similar conversion techniques are not used
more often to convert existing jointed bridges to continuous
bridges. Presumably, the next decade or two will see a bur-
geoning in retrofitting simple multiple-span bridges to con-
tinuous bridges (Figure 10) and from nonintegral to integral
abutments. When more information on the operating stress
levels of integral bridges has been developed and when more
fully described design details and procedures for integral con-
versions have become available, bridge engineers will be able
to more fully justify their consideration of such construction.
Until then, much intuition and prudent judgment will con-
tinue to be used to ensure that integral construction and con-
version techniques will provide the service life needed to jus-
tify their adoption and continued use.
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West Seattle Swing Bridge

THOMAS A. KANE, THOMAS F. MAHONEY, AND JOoHN H. CLARK

Construction is under way on a double leat concrete swing bridge
across the Duwammish River in Seattle, Washington. This bridge
represents a revival of a type of movable bridge long out of favor
and incorporates some new concepts in machinery and movable-
bridge technology. The structure and its site are described and
some of the factors that led to this novel design are detailed.
Construction progress to date is reviewed.

The West Seattle Swing Bridge connects two portions of the
industrial port area of Seattle across one of its major shipping
channels. Prospects for widening the current 150-ft-wide ship
channel to 250 ft required replacement of the existing bascule,
built in 1927. In 1988 navigation traffic required approxi-
mately 10 openings per day of the existing bridge, which pro-
vides 45 ft of vertical clearance over high water. Increasing
the vertical clearance from 45 ft for the existing bascule bridge
to 55 ft for the new bridge is predicted to be sufficient to
reduce the number of openings to an average of seven per
day, primarily for large ocean-going barges and ships.

Vehicular traffic crossing the waterway bound for residen-
tial areas in the western part of Seattle had previously been
routed over a new high-level bridge (140-ft vertical clearance).
Construction of the high-level bridge had been long planned
but was finally precipitated when an inbound freighter struck
the bascule bridge that originally parallelled the bascule bridge
being replaced by the swing bridge. The high-level bridge did
not, however, provide for the local traffic between the two
industrial areas on either side of the waterway because of the
difficulty of providing adequate ramps to the elevated struc-
ture. This local traffic was 3,500 vehicle a day, 15 percent
trucks, before closure of the existing bascule and is predicted
to increase to 11,600 vehicles a day by the year 2000. Pedes-
trians and bicycles are also provided for on the new swing
span but are excluded from the high-level bridge. The total
structure width of 49 ft 9 in. provides for two traffic lanes and
one combined bicycle-pedestrian way of 12 ft 0 in.

SITE DESCRIPTION

The swing bridge alignment was placed on the existing bridge
alignment to minimize required right-of-way and revisions to
the existing street network. This alignment results in skewing
of the bridge axis approximately 45 degrees to the channel.
A total of 19 different alignments in the vicinity and three
basic structure types was evaluated before selection of the
swing bridge for final design development. Other structure
types investigated in the preliminary design stages were a
vertical lift bridge and a bascule bridge. The vertical lift bridge
was believed to be aesthetically incompatible with the imme-

Andersen Bjornstad Kane Jacobs, Inc., 220 West Harrison, Seattle,
Wash. 98119.

diately adjacent high-level bridge. A vertical clearance of 140
ft would have been required and the towers would have
extended above the level of the deck of the adjacent bridge.
The 45-degree skew of the channel alignment to the street
alignment would have required a lift span length of approx-
imately 460 ft. A double leaf bascule bridge was also inves-
tigated. The required span length was approximately 380 ft
trunion to trunion, with a skew of 30 degrees between the
channel and the roadway. The alignment shift to reduce the
skew from 45 to 30 degrees would have added two reverse
curves to the street and required additional right-of-way.

The 480 ft center to center of pivot piers for the swing
bridge was established by the width of the open west leaf and
the location of a column of the high-level bridge (see Figure
1). The east leaf is then symmetrical about the center line of
the channel. The tail span length of 173 ft was also set by the
column of the high-level bridge. Once the alignment was cho-
sen, the span lengths were fixed. The west approach length
is determined by the need to cross over a railroad track and
intersecting street, the east approach by grades. Stair towers
for pedestrian access are provided on each approach. A con-
trol tower for the bridge operator is adjacent to, but separate
from, the west pivot pier. The control tower is a 120-ft-high
structure so that the bridge operator has an unrestricted view
of the channel and all of the approach roadway.

The crossing site is near the mouth of the Duwammish
River. Soils encountered at the site range from hydraulic fill
and recent alluvial sands and silts to heavily preconsolidated
glacial till. Depth to the till varies from 50 ft on the west end
of the project to 200 ft on the east end. Lenses of loose silt
exist erratically throughout the alluvium layer. The loose sur-
ficial silts and hydraulic fill are deemed susceptible to lique-
taction in major seismic events. Densification by Vibrofloa-
tation was specified to prevent such liquefaction.

Seismicity of the area is moderately active (UBC Zone III
seismic acceleration coefficient A = 0.25). The seismicity
studies and the seismic design of the high-level bridge were
discussed in a previous paper (/) along with details of the
geology and foundation conditions at this site.

STRUCTURE

Considerations in the choice for the superstructure design
were construction economy, maintenance costs, traffic safety,
and aesthetic compatibility with the adjacent high-level bridge
(a concrete box girder). Two designs were prepared and
advertised for bids, a posttensioned segmental concrete box
girder and a steel box girder with a precast prestressed con-
crete deck made composite after erection. Typical cross sec-
tions of the two alternatives are shown in Figure 2. Five bids
were received for the concrete box girder alternative; they
ranged from $33,537,636 to $37,583,660 including all approach
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FIGURE 1 West Seattle Swing Bridge: plan and elevation.

work and site work. The concrete box girder was awarded.
Principal construction quantities are given in Table 1, and the
cost breakdown for major work categories (based on the low
bid) is presented in Table 2. Bids received and the engineer’s
estimate are given in Table 3.

A major concern regarding the design of the concrete box
girder bridge was control of long-term deformations. Provi-
sions for control of both long-term and short-term deforma-
tions included additional posttensioning beyond that required
for stress control, some unbonded tendons, additional future
tendons, adjustment of approach span elevation at the tail
span joint, vertical adjustment of each leaf as a whole, and
specifications requiring nearly simultaneous construction of
the two movable leaves.

The first line of defense against unwanted long-term defor-
mation was the adoption of the principle of load balancing
for the design of the longitudinal posttensioning. The amount
of prestress provided is the amount required to provide 100
percent load balancing for the final dead load condition. This
required approximately 30 percent more posttensioning than
the amount required to satisfy service load stress conditions.
The deck of the box girder is posttensioned transversely and
vertical posttensioning is included in the webs. The additional
longitudinal posttensioning reduced the need for vertical post-
tensioning in some areas. The box girder cross section is sim-
ilar to that adopted for the adjacent high-level bridge.

Static balance of each leaf about the pivot pier is achieved
by thickening component section elements in the tail span and
by adding ballast concrete so that the last 40 ft of the tail span
is solid except for a 4-ft-square access shaft. Some precast
ballast blocks are provided for adjustment of the static bal-
ance. As-built measurements after casting of each section are
required so that the final static balance can be closely pre-
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dicted. The 42-ft-diameter pier house (see Figure 3) carries
the superstructure loads to the foundations and houses the
drive machinery, emergency generators, and part of the con-
trol system. Pier house walls are 32 in. thick and heavily
reinforced.

The pier table element of each leaf is supported by a tran-
sition element that provides two load paths to the foundation.
The closed position path (serving vehicular traffic) is from the
superstructure pier table through a conical shell to the walls
of the pier house. Service bearings made of steel plates with
reinforced elastomers separate the transition element from
the roof of the pier house. The operating position load path
is from the pier table through the center portion of the tran-
sition element to the 12-ft-diameter pivot shaft. The pivot
shaft is a concrete-filled steel shell that rests on the hydraul-
ically operated lift-turn cylinder. It is maintained in the ver-
tical position by guide bearings at the roof and operating floor
level of the pier house. In the operating position, the whole
movable leaf, including transition element and pivot shaft,
are raised approximately 1 in. to transfer the load from the
service bearings to the pivot shaft. A reinforced-concrete foot-
ing founded on 36-in.-diameter concrete-filled steel pipe piles
completes both load paths.

The piling system incorporates 48-in.-diameter steel pipe
sleeves around each foundation pile. The purpose of these
sleeves is to control the elevation at which the foundation
piling begins to receive lateral support from the surrounding
soil. The annular space is excavated to a set elevation. The
location of the piers is in the slope area of the channel exca-
vation. Without the sleeves, the depth from the footing to
the slope surface would vary from zero to 15 ft. Lateral stiff-
ness of the piles would thus vary and significant torsional
response to seismic excitation would result from the eccen-
tricity between the center of mass and the center of stiffness.
The sleeves eliminate this variation in lateral stiffness and the
resulting eccentricity. The sleeves also support the tremie seal,
which is separated from the footing.

Twin hydraulic slewing cylinders rotate each movable leaf
from the closed position to the open position to allow for
passage of ships. The operational cycle is based on a normal
2-min slewing time; the total cycle, which includes setting
traffic lights and lowering gates, is approximately 42 min.
Friction is minimized because the structure is supported on
the hydraulic fluid of the lift-turn cylinder. The principal source
of friction is the pivot shaft in vertical alignment.

Power for raising and rotating the movable leaf is provided
by three 100-hp, 125-gal/min hydraulic pumps in each pier
house. Normal operation is with two pumps; the third pump
alternates as a spare. Other redundancies built into the system
include the ability to slew the bridge using only one slewing
cylinder (with increased cycle time) and even to slew the
bridge against the friction of the service bearings should the
lift-turn cylinder fail to operate. This latter redundancy is an
extraordinary condition to be undertaken only in extreme
emergency. It requires manual overrides of pressure relief
valves in the hydraulic system and would require replacement
of part of the service bearings. The center lock and tail locks
are driven and pulled by Jocal hydraulic cylinders operated
by separate pumps. Design for the locks included the ability
to be driven against a 1-in. misalignment. Torsional stiffness
of the box girder is sufficient so that locks are required only
at the center line.
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TABLE 1 PRINCIPAL CONSTRUCTION QUANTITIES (STRUCTURAL)

Approaches Swing Spans
Sub Super Sub Super
Item Unit Struc Struc Struc Struc
Structural Excavation cy 3200 5220
Shoring sf
Soil Densification cy 38600 18900
PSC Piling 16.5" Dia 1f 19335
PSC Piles 16.5" Dia ea 290
Steel Piling 36" Dia 1f 10120
Steel Piles 36" Dia ea 64
Concrete C1 D cy 1372
Concrete Cl1 C cy 186 82
Concrete Cl1 B cy
Concrete Cl AX cy 2880 1370 3284 65
Concrete Cl1 PC 5000 cy 275 606 1195
Concrete Cl1 PC 6000 cy 237 6604
PSC Girder S4 1£ 911 152
PSC Girder S120 1f 2750
PSC Girder M120 1f 3404
Reinf Steel Ton 337 115 347 420
Rein Steel, Epoxy Ct'd Ton 115 22
Prestressing Steel, Bar Ton 1.3 14.6
Prestressing Steel, Strand Ton 267
Concrete Barriers 1f 3496 2475
Metal Railing 1f 3035
Latex Mod Concrete sy 4450
Control System LS
Hydraulic System LS
Lift/Turn Cylinders ea 3
Pivot Shafts ea 2
Control Tower LS
TABLE 2 COST BREAKDOWN
LOW BID
1. Mobilization $2,800,000
2. Demolition 3,761,566
3. Civil (Streets, Utilities, Traffic) 3,395,615
4. Approach Spans 4,659,520
5. Swing Piers 6,868,280
6. Swing Spans 5,601,985
7. Machinery 3,977,000
8. Electrical 1,055,895
9. Controls, Control Tower 941,000
10. Pier Protection 476,775
$33,537,636
TABLE 3 BIDS RECEIVED
Concrete Steel
BIDDERS Alternate Alternate

Engineer's Estimate
Kiewit - Global

General Construction Co./
3A Industries, J.V.

Guy F. Atkinson Const. Co.
§.J. Groves & Sons Co.

Paschen Contractors, Inc.

$33,330,749.40

33,526,192.00

33,750,799.50
34,854,453.00
36,803,487.00

37,560,625.88

$36,621,554.40

No

No

No

No

No

Bid

Bid
Bid
Bid

Bid
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Hydraulic system components are designed to operate at a
normal pressure of 1,700 psi and an emergency (slewing against
the service bearing friction) pressure of 6,000 psi.

Hydraulic buffers are designed to stop the leaf moving at
full rotation speed of 0.57 degree per second in 0.44 degree
of travel. Open position buffers are located on the roof of
the pier house and contact stops on the inner surface of the
transition element cone. Tail span buffers are located on the
approach span piers and contact the tail span. Normal closing
speeds at buffer contact are 35 percent of normal speed; thus
normal operation buffer loads are small.

The control unit is a programmable controller that sequences
operations and provides status information to the bridge oper-
ator. The primary position control is limit switches that initiate
braking through the controller. The dynamics of the operating
structure (large inertia, low damping) were not deemed suit-
able for dynamic feedback control. The control system is
essentially the same as manual operation except that the con-
troller “‘pushes the buttons,” checks interlocks, and announces
the status on a monitor. Manual override is possible for most
steps of the operation.

Diesel-powered emergency generator sets (350 kW) are
provided in each pier house on the lower floor. Fuel is stored
in above-ground enclosed tanks on shore.

One of the design exercises of great value was a study of
maintenance actions to ensure provision for access to all items.
Adequate openings were provided for removal and replace-
ment of each piece of machinery and all pieces of equipment
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SECTION B-8

CONSTRUCTION PROGRESS

Bids for the construction of the project were taken in Sep-
tember 1988. Five bids were received (Table 3). The contract
was awarded to Kiewit-Global on September 28, 1988, and
notice to proceed was given on March 1, 1989. The contract
calls for a 22-month construction schedule. Construction prog-
ress as of May 1990 included machinery fabrication, demo-
lition of the existing bascule superstructure, site utiity work,
and substructure construction. Scheduled completion date is
January 1991.

The project was designed by the joint venture West Seattle
Bridge Design Team composed of Andersen Bjornstad Kane
Jacobs, Inc.; Parsons Brinckerhoff, Quade, and Douglas; and
Tudor Engineering. Contech Consultants were responsible for
the segmental box girder design. Hamilton Engineering, Inc.,
designed the hydraulic machinery and Elcon provided the
electrical design. The project sponsor is the Seattle Engi-
neering Department, and Frank Yamagimachi is project engi-
neer for the city.
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and areas of the bridge had a means of safe access for inspec-
tion and maintenance.
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Development and Testing of an
Experimental Stressed-Timber

T-Beam Bridge

BAarRRrRY DicksoN AND Hota V. S. GANGARAO

New types of timber bridges are being designed and constructed
on the basis of a new joining technique called laminating. At
West Virginia University, designers have combined this new tech-
nology with a new timber product, laminated veneer lumber, to
create a T-beam bridge. The process of designing this bridge
required a limited research project because of the lack of design
guides. The tests performed are described and many of the results
of these tests are included. The bridge was constructed in May
1988, after which a monitoring program was initiated. These tests
are also described and results tabulated. Short-term performance
of the bridges appears excellent; the long-term performance remains
unmeasured. Costs of this bridge are included, as are the authors’
recommendations for future bridges of this type.

Timber has been rediscovered as an effective bridge-building
material. The stamina and beauty of the early covered timber
bridges, many of which remain in service today, are well
known. Modern timber design and construction techniques
are revitalizing the timber bridge industry and expanding the
market for lower-grade structural hardwoods.

In West Virginia, a state blessed with an ample supply of
hardwood timber but burdened with many lightly traveled
bridges in poor condition, timber is a natural choice for new
bridges and rehabilitation projects. A nationwide program,
initiated by Congress and administered by the U.S. Depart-
ment of Agriculture-Forest Service (USDA-FS), has been
promoting the use of locally grown timber by funding a series
of conferences on timber bridges across the country. Coupled
with these conferences is the building of demonstration bridges,
which, in most cases, are funded by local or state highway
departments.

It was through this program that a modern timber bridge
was built in Charleston, West Virginia. The site required a
structure capable of spanning 75 ft with a 22-degree skew.
The demonstrative function of the project required the use
of locally grown timber (primarily hardwoods). The lack of
design aids required experimentation, modeling, and field
monitoring after construction.

STRESS-LAMINATED TIMBER

Originating in Canada over 10 years ago, stress-laminated
timber has proved to be a practical method of combining
relatively short and narrow timber planks (laminations) into

Constructed Facilities Center, West Virginia University, Morgan-
town, W. Va. 26506-6101.

a strong, resilient, and inexpensive bridge. To create a stressed-
timber deck bridge (a bridge consisting only of a thick, lam-
inated timber slab), multiple laminations are squeezed together
by high-strength steel bars that pass through predrilled holes
in the laminations. The bars are tensioned using a hydraulic
jacking system similar to the systems used for posttensioning
concrete. The compression within the timber laminations and
the frictional resistance to sliding are the only mechanisms
required to create a timber “plate,” thus eliminating tradi-
tional mechanical fasteners. Either steel bearing plates or steel
channels are required to distribute the high local compressive
stress from the steel bars to the outer timber laminations. The
compressive stress is then transmitted to the inner lamina-
tions. Figure 1 shows the configuration of a stressed-timber
deck.

This method of construction has many advantages over con-
ventional timber construction but unfortunately is limited to
fairly short spans, usually less than 45 ft. Although there is
great demand for short-span bridges, especially in a moun-
tainous state such as West Virginia, the span requirements of
the demonstration bridge exceeded the capacity of stress-lam-
inated decks.

PROPOSED DESIGN: STRESS-LAMINATED
TIMBER T-BEAMS

The demand for structurally reliable, long, wide timber com-
ponents cannot be met by the solid sawn timber available
today. This need has given rise to many “‘reconstituted” tim-
ber products, including plywood, glued laminated beams, and
stress-laminated decks. Timber materials can be combined to
use the material properties to maximum advantage. However,
producing high-strength, high-reliability timber products is
usually expensive and thus should be done only when these
features are most necessary.

The T-beam concept was proposed because the material
combination was very efficient. A high-strength, high-relia-
bility stringer combined with a deck composed of lower-cost,
lower-quality timber appeared to be the combination that best
met the bridge site and demonstration requirements. High-
strength steel bars not only compress the deck laminations
together, as is done in stressed timber, but also connect the
stringers and the deck. The longitudinal orientation of the
deck planks should add substantially to the strength of the
stringers while also serving as a riding surface.
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FIGURE 1 Stressed deck.

To span the 75 ft required, a glue-laminated timber product,
laminated veneer lumber (LVL), was selected. LVL is a high-
quality structural timber material composed of thin (1/10-in.
thick), vertical laminations glued together to form beams up
to 48 in. deep and &0 ft long. By adding laminations, any
desired thickness can be created.

A stress-laminated timber T-beam is formed by using high-
strength steel bars to join a stress-laminated deck and an LVL
beam. Figure 2 shows the orientation of the components and
how the high-strength steel bars tie the timber components
together.

Assuming full composite action between the decking and
the stringers, an effective flange width equal to half of the
clear span between stringers, and a load-sharing fraction of
0.4, an initial design was prepared. A summary of the pro-
posed design follows:

e Center of bearing to center of bearing, 73.25 ft, 17 ft
width (one lane), 22-degree right forward skew;

@ Seven LVL stringers, each 73.25 ft long, 42 in. deep, and
6 in. wide with 3 in. of camber;

® Northern red oak deck laminations between stringers, 18,
each 9 in. deep, 12 in. wide, and a maximum of 16 ft long;

® Steel bars, ¥-in. diameter, 150 ksi (ultimate stress) on
36-in. center;

e [ VL diaphragms on 25-ft centers, each 6 in. wide, 31 in.
deep, and 27 in. long;

e Timber guardrail system designed and crash tested by
others.

The experimental program described in the following section
was undertaken to test the design assumptions.

MODEL TESTING

Because the proposed design was new and untried, a model
test program was performed at the Major Units Laboratory
of West Virginia University. Time constraints restricted the
test program to the most critical areas involving the safety
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FIGURE 2 T-beam section.
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FIGURE 3 Experimental set-up.

and performance of the design: (a) composite action, (b) load
sharing, and (c) creep of the system due to prestress forces.

A 16-ft-long, three-stringer model (see Figure 3) was built
to simulate the full-scale structure. The model was not built
to scale but rather was designed to simulate a worst case. The
spacing of the model stringers was identical to that of the
planned full-size structure, but the deck depth was greatly
reduced, butt joints were located at every other lamination,
low-quality red oak was used, and the laminations were left
unnailed. The model was simply supported at the ends (15 ft
6 in. from center of bearing to center of bearing) and static
loading was applied by a hydraulic jack at various locations.

Timber is usually modeled as an orthotropic material with
vastly superior bending properties in the longitudinal axis than
in the radial or tangential axes. In traditional timber bridge
construction, the decking would be placed on top of the string-
ers and perpendicular to them; thus the stronger bending
strength of the decking is perpendicular to the stringers. The
traditional configuration gives good load transfer from stringer
to stringer but decreases the live-load-carrying capacity of the
stringers by adding dead load. However, the T-beam differs
dramatically from this usual orientation; the load transfer
from deck to stringer may depend only on shear forces between
elements of an “‘articulated plate.”

Composite Action

One reason for the choice of the T-beam configuration was
to minimize the total amount of timber required. By orienting
the deck timber laminations in the same direction as the string-
ers, the stronger bending strength of the timber decking acts
in combination with the stringers to form a composite struc-
ture. Thus, the deck laminations serve as both a riding surface
and a load-carrying component.

One test for composite action of a system is to measure the
strains at the upper and lower surfaces of a stringer. If com-
posite action exists, the strain diagram (see Figure 4) will
indicate a neutral axis location higher than that which would
be found for a simple rectangular cross section.

Bending tests performed on both the stringer alone and the
stringer-deck combination indicated almost complete com-
posite action for the T-beam unit tested. Figure 4 indicates
that the experimentally determied neutral axis of the test
model nearly coincides with the calculated neutral axis found
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FIGURE 4 Location of neutral axis.

using the geometric properties of a T-beam section with flange
width equal to 30.5 in.

Load Sharing

The gain realized by orienting the decking parallel to the
stringers has the disadvantage of decreasing the ability of the
deck to transfer load to neighboring unloaded stringers. The
bridge design code of AASHTO and the Ontario Highway
Bridge Design Code (OHBDC) (7,2) do not offer any guide-
lines for this type of structure; thus, a test program was nec-
essary.

This stressed deck system can be considered an “articu-
lated” system (i.e., load sharing is accomplished through shear
transfer only) or a plate with both shear and moment transfer.
Both the moment and shear transfer ability are closely linked
to the tension force levels of the posttension system.

The limited test program included three types of testing:
(a) the “laminate slip” test (see Figure 5) to establish the
normal force required to prevent slipping of laminates relative
to neighboring laminates, (b) the “laminate gapping” test
(Figure 6) to establish to what degree the prestressing bars
prevent the opening of gaps between laminations on the ten-
sion side of the deck, and (c) the “load sharing” test in which
the deflection of loaded stringers and the simultaneous defor-
mation of neighboring, unloaded stringers were measured
(Figure 7). From these tests the load distribution response of
the system was established.

The test results accentuated the importance of maintaining
posttension force levels. The time limitations of the test pro-

0,04 -~
00351 HYPOTHETICAL CURVE IF
A SLIP WERE TO DCCUR\
o003+
]
& 00257 ACTUAL MEASURED LDAD-
= DEFLECTION CURVE
g o002
E 0.015 - >
B 0.01 o
4 o1+
0,005+ o=
] 1 1 1 ] 1 1 1 1 1 | 1 1 1 1
1 I I 1 1 I 1 i i I 1 1 | I 1 i
0 2 4 6 8 10 12 14 16

LOAD (kips)

FIGURE 5§ Load deflection (of deck planks).
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FIGURE 6 Gap measurement test.

gram precluded the comprehensive testing required to estab-
lish accurate, quantitative information necessary to determine
the exact minimum levels of posttension force required, but
the trend was quite clear. The observed results correlated well
with the OHBDC (2), in which a posttension force equal to
12 percent of the allowable compressive strength of the timber
laminates is the expected permanent force level. Testing per-
formed at this posttension force level, under loads equal to
an HS-20 wheel load, indicated excellent shear transfer (Fig-
ure 5) and only minor gapping (Figure 6). Measurements of
deflections (Figure 7) indicated that the load transfer to adja-
cent components decreased as the load increased; at the max-
imum applied load of 16 kips the fraction of the load carried
by the directly loaded stringer was approximately two-thirds
of the total load.

Creep from Prestressing

Creep is the time-dependent deformation of a body under
constant load. Timber is particularly sensitive to this phe-
nomenon, and because the performance of a stressed timber
deck relies so heavily on the force level holding the laminates
together, understanding the creep behavior of the system due
to prestressing is of vital importance to the structural integrity
of prestressed timber bridges.

In stressed timber decks and stressed T-beam systems, the
tensioned, high-strength steel bars and bulkhead system exert
a constant compressive force on the timber laminations. When
the system gradually loses compressive strength over some
period of time, the timber loses some amount of width and
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FIGURE 7 Load sharing between stringers.
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the force in the steel bars is then reduced. The rate of creep
loss is quite high in timber early in the load history (as it is
in most materials) and then decreases as time passes.

The OHBDC design methodology includes provisions to
compenstate for the loss of compressive strength when timber
bridges are designed using several species of softwoods, but
data for hardwoods are not included. In this study simple
experiments were performed to gauge the creep effects in red
oak. In the model, tension bars were loaded to a force level
(18 kips) that crcated a compressive stress of 107 psi within
the timber. Load cells were placed on two rod ends between
the anchor plates and the bulkhead, Force level readings were
taken for a 32-day period.

The data in Figure 8 show a loss of force over 32 days.
Unfortunately, the timber deck of the model was found to be
losing moisture (drying) as well as compressive strength; thus,
it was impossiblc to determine which losses caused what share
of the total. The test results did, however, emphasize the
absolute necessity of checking the tensile bar force levels of
the steel bars at regular intervals. On the basis of the exper-
imental results, it was decided to follow OHBDC recom-
mended stressing procedures and sequences and to monitor
the bar forces on the actual bridge after installation.

ANALYTICAL PROCEDURES

The information accumulated during the model-testing pro-
gram is only useful if it can be transformed to design values
and guidelines. To accomplish this transformation, two math-
ematical methods were employed: a finite-element computer
program and a system of generalized plate equations. Both
mathematical procedures varied the ratio of the longitudinal
modaulus to the transverse modulus of elasticity until the defor-
mations of the mathematical models approximated the defor-
mations of the scale model. The most representative E, /E;
ratio values then served as the final design material constant.

For this design project, the authors concentrated on two
modeling methods: finite-element (FE) methods using the
ANSYS computer program and generalized plate equations
developed by GangaRao (3). Results from both methods cor-
related quite well with cxperimental data. The analytical modcls
provided accurate predictions of moments in both the lon-
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FIGURE 8 Creep losses.
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FIGURE 9 Finite-element configuration.

gitudinal and the transverse directions as well as deflections
and distribution width.

Finite-Element Method

Several attempts were made before an accurate FE model
was found. The final model utilizes quadrilateral shell ele-
ments with both membrane and bending capabilities. In addi-
tion, to create compatibilty between the deck elements and
the stringer, a thin “interface” element was introduced. Fig-
ure 9 shows the arrangement of model elements.

The model bridge was divided into a total of 800 elements,
with each node (four nodes per element) having 6 degrees of
freedom. Reduction of the number of simultaneous equations
was possible by constraining the displacements in the X- and
Y-directions as well as rotation about the Z-axis. Symmetry
of the model and support boundary conditions further reduced
the number of equations.

The assumed orthotropy of timber requires nine separate
elastic constants to calculate the complete status of stresses
and deflections. The FE analysis with ANSYS required only
four elastic constants because only these values affect the
calculation needed. E, for this model was approximated at
1.7 x 10° psi for the red oak and 2.0 x 10 psi for the LVL.
E, for red oak was varied from YoF, to ¥2sE,, and G, » was
set at 0.06F, . These values are lower than the elastic constants
for the individual members, to compensate for the eflects of
joints. Figure 10 compares the FE displacement profile with
the experimental response and the plate-solution predictions.
Although the maximum value of deflection, near the center
of the loaded span, is not quitc as large as the experimental
value (0.27 versus 0.38 in.), the shape of the profile and the
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FIGURE 10 Transverse deflected profiles.
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deflection of the stringers match very well. Because the deflec-
tions of the FE analysis (with E; = YoFE, ) are less than the
experimental values, the conclusion can be reached that the
transverse stiffness of the deck is less than the estimated stiff-
ness of the individual planks.

Generalized Plate Equations

A system of design equations was developed by GangaRao
specifically to analyze steel grid decks, but it can be applied
to any orthotropic bridge deck (3). These design equations
account for most of the parameters affecting the plate behav-
ior of a bridge, such as the aspect ratio of the deck, the
orthotropic properties of the deck, loading conditions, num-
ber of lanes, and stringer spacing.

Very briefly, the generalized design equations are based on
the premise that the bridge can be modeled as an orthotropic
plate having two edges simply supported and two edges stiff-
ened by edge beams. The solution form of the governing plate-
bending equation is developed for a general load using Fourier
and polynominal series; compatibility of deflections of the
stringer and decking is assumed to analyze the system. The
output of the analytical model includes both moments and
deflections at any desired location for any applied load. To
test the accuracy of this analytical method, the same input
was used as that of the FE model discussed earlier except E,
which was taken as Y2sE,. Because the applied load on the
model structure simulated only one rear wheel (the model
bridge was not wide enough to accommodate the standard
6-in. spacing of wheel loads), the loading of the analytical
model was a combination of symmetric and antisymmetric
cases. Superposition of the symmetric and antisymmetric loads
produced the deflected profile shown in Figure 10. As in the
FE model, the input value of E, for the red oak in the trans-
verse direction was varied to produce the best correlation with
the experimental value. The best correlation of experimental
deflections and analytically determined deflections was achieved
when a value of E, = 'sE, was used.

REVISED DESIGN

The second (and essentially the final) design was based on
the test program data and observations and on the information
generated by the analytical models. The T-beams were sized
by working stress methods using simple beam-bending theory
and assuming full composite action. The applied moments
were computed for AASHTO loading and then reduced by
the load-sharing factor found experimentally (and verified
analytically). The live-load moments were not adjusted for
impact, because AASHTO does not require this adjustment
for timber structures.

For ease of fabrication, transportation, and erection, the
bridge was designed to be constructed in two symmetric halves.
The stressing system was designed with safety as the primary
consideration. High-strength ¥-in.-diameter steel bars were
spaced on 24-in. centers and checked for their ability to pre-
vent a catastrophic failure as well as their capacity to provide
the normal force required for the timber laminations to trans-
mit stresses.
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Diaphragms, built of LVL timber like the stringers, were
located at 18-ft centers. These were designed to provide lateral
stability to the T-beam system and also serve as a backup
load transfer mechanism in the event of a failure of the stress-
ing system.

The guardrail system was based on a 10-kip crash-tested
timber system developed by Wheeler Consolidated. Coal tar
creosote preservative was specified for all wood components,
and all steel items were galvanized. The final design is as
follows:

® Six LVL stringers, each 73.25 ft long, 45 in. deep, and 6
in. wide with 3% in. of camber;

@ One LVL double wide stringer consisting of two stringers,
each 73.25 ft long, 45 in. deep, and 4% in. wide with 3% in.
of camber;

@ Northern red oak deck laminations between stringers, 18,
each 9 in. deep, 12 in. wide, and a maximum of 16 ft long;

@ Steel bars ¥-in. diameter, 150 ksi (ultimate stress) on 24-
in. centers;

@ 8 X 20 steel channel bulkheads with 6 X 6 X ' in.
anchor plates;

e LVL diaphragms on 18-ft centers, each 6 in. wide, 36 in.
deep, and 27 in. long;

® Timber guardrail system designed and crash tested by
others.

FABRICATION AND ERECTION

Fabrication of the T-beam bridge was by Burke Parson and
Bowlby (BPB) of Spencer, West Virginia. LVL stringers,
purchased from Trus-Joist, Inc., of Boise, Idaho, were pre-
drilled, preservative treated, and then shipped by rail and
truck to the fabrication plant at Spencer. The deck planks,
which were also predrilled and preservative treated, were nail
laminated to each other and to the stringers and then tem-
porarily posttensioned with mild steel rods in every second
hole. Three 6-in.-wide stringers and one 4%2-in.-wide stringer
were assembled with the required decking to create half of
the bridge. The process was repeated to create the other half,
and the two halves were trucked to the bridge site.

At the bridge site, the abutments from the previous struc-
ture were repaired and modified to accept the new timber T-
beams. A 140-ton crane and an 80-ton crane were located on
cither side of the span; the 140-ton crane lifted one half of
the bridge from the truck trailer and placed it in position on
the abutments. The smaller crane was used as an emergency
backup in the event that the long reach required of the primary
crane caused it to overturn. Although the smaller crane proved
to be unnecessary, it was useful in positioning the end of the
bridge half.

After the second half-section was craned to its position on
the abutments, full-length, high-strength rods were inserted;
then the temporary rods were removed and the entire struc-
ture was posttensioned. Installation of guardrails and concrete
abutment backwalls was followed by the restressing opera-
tions; paving the surface with asphalitc concrete completed
the job.
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MONITORING PROGRAM

Figure 11 shows the completed timber T-beam structure. The
bridge has been in service for 1 year and is apparently func-
tioning well. It is, however, still an experimental structure
and as such requires careful monitoring.

A short-term monitoring program (July 1, 1988, to Decem-
ber 30, 1988) consisted of six live-load tests and measurements
of several of the bridge’s responses. The live-load tests were
designed to determine (a) the load deflection response of the
stringers and the deck, (b) the stresses in the exterior stringer,
(c) slip between laminates, and (d) skew effects. Other mea-
sured performance characteristics were stress level within the
posttension system, dead-load deflection changes with time
(creep), and moisture content fluctuations. In addition to these
measurements and tests, simple visual observations and pho-
tographs were compiled to record the weathering of the exposed
surfaces and general condition of the structure. The most
recent visit to test posttension levels was made in May 1989.

MONITORING RESULTS

The short-term test program has provided a large body of
data both for analysis of the bridge performance and as a
datum from which long-term behavior can be measured. In
addition to the data accumulated, valuable experience was
gained in field monitoring techniques and in the unique prob-
lems of on-site experimentations. The test program was not
completely successful, however. Portions of the results from
several of the tests were clearly erroneous; the cause of these
errors has been determined and changes will be made in future
testing to eliminate these mistakes.

Stringer Deflection

Four separate load tests were performed in which a loaded
truck was parked with its wheels on an outside stringer. Figure
12 shows transverse deflected profiles for two of these tests.
There are some inconsistencies in the data, which show unrea-
sonably lower deflections immediately below wheel loads. For
example, the deflection 1 ft from the edge (see Figure 12) is
directly beneath one of the wheel loads and should be greater
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FIGURE 12 Transverse deflection profiles.

than the deflection 3.5 ft from the edge. Taking deflection
readings with a transit from the uneven top surface of the
deck, particularly at the location of the test vehicle, was dif-
ficult and led to inaccuracies.

Maximum deflections generally occurred at the loaded exte-
rior stringer, as is expected. The maximum deflection of 0.84
in. was due to the largest load of the test series (52,100 Ib),
which is approximately 83 percent of the AASHTO HS-20
truck load. The maximum deflection is quite small (equal to
L/865) and much lower than was expected for a timber high-
way bridge. Part of the unforeseen stiffness is undoubtedly
due to the double center stringer (9 in. thick), which was
added to allow the bridge to be constructed in two symmetric
halves. The large (8- x 12-in.) wheel rail and guardrail prob-
ably also contribute to the stiffness of the bridge.

Deck Deflection

Results of two deck deflection tests are shown in Figure 13.
The data indicate a maximum deflection in both tests of only
0.02 in. for wheel loads of 8 and 10 kips.
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FIGURE 13 Deck deflection profile.
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One benefit of this high deck stiffness is the ability of the
deck to transfer the live load to the stringers more directly
and to then transfer load from one stringer to another, pro-
viding a more even load distribution. A second benefit is that
a small deformation is less likely to cause cracking of an
overlay (asphaltic concrete). However, this degree of stiffness
is probably more than is necessary and, of course, comes at
some increased cost.

Stringer Stress Level

Strain measurement in the exterior stringer was one of the
most difficult procedures to perform in the field and, unfor-
tunately, the results cannot be considered very reliable. Figure
14 shows the data gathered for two live-load tests and includes
the maximum calculated stress value. The readings show a
strain increase in the gauges closer to the bottom of the stringer,
as was expected, but in both tests the No. 4 gauge, located
at the extreme lower face, exhibited a decrease in strain.
Despite the inconsistencies of the test results, the low strain
measured by the six other gauges is indicative of a reasonable
stress level in the most heavily loaded stringer. Simple cal-
culations to convert the maximum measured strain to stress
indicate a stress level of about 700 psi. The approximate load
on that stringer was 15,000 1b. The problem of bonding strain
gauges to creosote-treated timber can be overcome by use of
clip-on strain gauges. A reliable, economical, and reusable
strain transducer for field measurements [developed by Laf-
erski et al. (4)] will be used in future monitoring projects.

Laminate Slip

The same testing done for deck load deflections was also used
to locate any laminate slip. Although the graph in Figure 13
shows abrupt changes in deflection, the scale of the graph is
highly distorted, with very small divisions on the ordinate
compared with divisions on the abscissa. A graph with iden-
tical X- and Y-scales would show only a very slight curvature
with no discontinuities.

Resistance to slip is dependent on the maintenance of a
minimum posttension level. There is no evidence of laminate
slip from either load tests or visual observations. After the
load tests, all deflected deck planks returned to their unloaded
positions.
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FIGURE 14 Strain measurements.

73

As a field check, the tension in one of the high-strength
steel bars was released; the bar was able to move freely through
the laminations indicating that the original hole clearance was
intact and that no slippage had occurred.

Skew Effects

Due to the skewed bridge geometry, the possibility of an uplift
force exists when a diagonally opposite corner is loaded. To
test for this possibility, a truck load was placed at one corner
and a dial gauge located below the opposite corner was mon-
itored as the truck crossed the bridge. If the bridge skew had
been an influence on the deflection response, an initial upward
deflection would have been apparent. However, the dial gauge
showed an immediate downward deflection of 0.002 in. when
load was applied at the corner diagonally opposite. This
deflection remained consistent as the truck traveled the length
of the bridge; thus, no evidence of uplift was found.

Posttension Levels

Because the tension level in the posttension system is such
an important factor in the response of the bridge, this testing
was perhaps the most important of the monitoring program.
Unfortunately, problems with equipment used to measure the
tension level during the initial testing period reduced the amount
of data. However, the amount of data gathered during the
initial 6-month monitoring period combined with the data
collected 1 year after the installation of the structure were
sufficient to establish the prestressing system behavior.

Erection of the structure on May 7 and 8 was followed by
an initial stressing on May 10, 1988. Information from the
contractor indicated an initial tensile force of approximately
32 kips in the high-strengh steel bars. The second and third
stressings were performed on May 18 and July 8, 1988, at
which time the tensile force applied was again about 32 kips.
Force levels from one load cell on one bar were measured
from October to December 1988. In addition, an average
tensile force from 15 bars tested in May 1989 was estimated
by tensioning the rods until the anchor nuts were free to turn,
rather than by using a load cell.

The early force levels from the single load cell, installed in
October 1988, 5 months after the bridge was first stressed,
are lower than expected (see Figure 15). The average force
measured on May 1989 was 21.8 kips, or 67 percent of the
jacking force. An extended period of rain before the test date
may have caused some moisture-induced swelling and, con-
sequently, an increased tension force level in the rods. If this
was the case, another testing of the rods after a dry period
should show a reduced force level. This procedure was ten-
tatively planned for late summer 1989.

The long-term ability of the system to maintain the nec-
essary tension level is a crucial element in the structural and
economic performance of the bridge. Should the tension level
fall below an acceptable level, the rods can be retensioned,
but the intention of the design is to reduce this maintenance
expense to a minimum. The structural consequences of inad-
equate tension level are serious. Complete loss of tension in
one rod should not cause catastrophic failure (a safety feature
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FIGURE 15 Posttension system losses.

of the design), but the ability to distribute load to the lami-
nates and stringers can be seriously decreased.

Creep Deflection

Data for the creep deflection test were accumulated over the
6-month period of the monitoring program. Six months is a
relatively short time span in the intended life of the structure,
and there is, at this time, only slight evidence of loss of camber
through creep losses.

Figure 16 indicates the loss of 0.03 ft (0.36 in.) of midspan
elevation over 5 months. This is the maximum loss of the
seven locations measured (top of each stringer at the bridge
center line); the average value is 0.02 ft (0.24 in.). As in the
previous tests, these data are not completely consistent, but
the trend is well established. All of the stringers showed some
loss of elevation from the first to the last reading. Each of
the stringers maintained an upward camber, but the readings
reveal that the bridge has an unequal camber when viewed
across the section; that is, the center-line elevation of the
center stringers is lower than that of the edge stringers.

The relatively short time span of this creep test prevents
an accurate prediction of the rate of creep loss over the life
span of the structure. Most materials exhibit a more rapid
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FIGURE 16 Creep deflection.
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rate of loss early in the life span, which then levels off with
time. It remains to be seen if this bridge will behave similarly.

Moisture Levels

The timber and LVL materials used in the bridge were kiln
dried to a moisture content of 19 and 8 percent, respectively,
and then creosote treated. Exposure to the environment has
increased the moisture content, as expected, with the great-
est effect on the riding surface of the deck planks and LVL
stringers.

At the time of this test, the timber deck surface was exposed
to the weather; since that time, the surface has been covered
with asphaltic concrete. Moisture levels were tested on the
guardrail, top surface of decking, top surface of stringers,
inside surfaces of stringers, and underside of deck planks. The
variation of moisture levels was from 18 to nearly 40 percent,
with the greatest variation in the LVL stringers. The highest
readings were found on the upper surface of the stringers,
which were subjected to the most adverse weather conditions.
The moisture level in the oak decking was more consistent,
averaging 22 percent. There did not appear to be a significant
change in moisture levels from one test to the next, but the
time span between tests was inadequate to show any rela-
tionship.

Weathering and General Condition

Visual observation showed very little noticeable weathering
of the deck or stringers. However, the large timbers that make
up the curb and the guardrail checked and split as they dried;
some of these splits are extensive and much deeper than the
penetration of the creosote.

Only minimal corrosion of the hardware has been observed.
This insignificant corrosion was found on the high-strength
bars where the couplers used in the stressing operation rubbed
off some of the galvanizing material. A comprehensive inspec-
tion was not done, but the one rod that was removed and
reinstalled was in excellent condition,

The galvanized steel pipe and neoprene washers used as a
weatherproof covering for the anchoring hardware appear to
be effective when installed correctly. Unfortunately, a large
number of the installations were done incorrectly, and mois-
ture has entered the covering devices. No serious corrosion
was noted, however, even on the poorly protected anchors.
These covering devices can do more harm than good, because
they may retain moisture around the anchoring hardware rather
than prevent its entrance.

Visual observation of the two exterior stringers indicated
them to be off the vertical (not perpendicular to the abut-
ments) when viewed from the abutments. By measuring this
misalignment with a carpenter’s 4-ft level, the maximum dis-
tance from the vertical was found to be 2% in. Discussions
with the contractor indicate that the cause of this substantial
distortion was either the erection procedure, in which one
half of the bridge was ‘‘pulled” a small distance to mate with
the previously anchored first half, or the retensioning oper-
ations, in which the top portion of the structure was squeezed
together while the lower portion remained stationary.
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COSTS

Information from the West Virginia Department of Highways
shows the cost of the 73-ft timber T-beam bridge to be as
follows:

Item Cost ($)

Timber contractor, fabrication and delivery 78,800.00
Crane rental 10,125.00
Labor for erection 14,400.00
Equipment for erection 2,400.00
Materials for abutment alterations 1,185.00
Total 106,910.00

Although a breakdown of the contractor costs is not available,
a large portion of the $78,800 was for the LVL beams and
their transportation to the fabrication site. Labor and equip-
ment for erection costs are for a 16-day period.

SUMMARY AND RECOMMENDATIONS

Results of the field monitoring program indicate that the
stressed-timber T-beam bridge is performing very well. Most
important, the force level in the high-strength steel bars is
being maintained at a safe level. The deck deflection is minor
and the stringer deflection appears to be acceptable. Weath-
ering of the decking and stringers is, at this time, negligible.

From a performance perspective, the dead-load deflection
(creep) is the most apparent problem and may not be signif-
icant over the long term. This will require future monitoring
(as will the posttension force level). From a construction and
fabrication perspective, the misalignment (not perpendicular
to the abutment) of the stringers and the less cambered central
stringer are serious problems that must be addressed in future
T-beam projects. Several other minor construction problems
can be easily rectified for future bridges.

The problem of high costs is not so easily resolved. This
particular structure had very high crane rental costs and trans-
portation charges. LVL is an excellent product with very good
performance characteristics, but it is an expensive component.
Much of the LVL costs were for transportation; if this cost
could be reduced, the use of this product would be more cost-
competitive.

The design of the structure also played a large role in the
high cost. Because there were no guidelines to follow, the
design had to be very conservative to guarantee public safety.
There is little doubt that with the information now available,
a more economical structure can be designed.

Recommendations for designers and fabricators of timber
T-beam bridges include the following:

1. Use for shorter spans (40 to 60 ft). Although there is no
performance problem, the high cost of transporting long com-
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ponents to treatment plants and then to the fabricator becomes
prohibitive. Also, costs for large cranes are much higher than
those for smaller cranes.

2. Increase the spacing distance between stringers to about
36 in. The deck stiffness is sufficient to transfer the live load
more than the 27 in. span of this structure. The stringer capac-
ity is not being utilized as fully as possible by the 27-in. spac-
ing.

3. Choose stringer and deck material by geographic loca-
tion as well as by load capacity and preservative treatability.
Other possible materials (glued laminated timber, for exam-
ple) may be less expensive and may be located closer to treat-
ment facilities and fabricators.

4. Use a different rigging method when craning the bridge
halves. This erection method used spreader beams to support
the bridge halves; an *‘eye hook™ rigging method would allow
the crane operator to place the bridge segment exactly where
required.

5. Do not anchor bridge halves to abutments unti] after
second stressing sequence. Once this second stressing is com-
plete, almost all of the compression of the timber deck will
have taken place and there should be no more appreciable
distortion.

With some additional monitoring, analytical work, and cost
analysis, the timber T-beam can become a successful alter-
native to conventional bridge construction. A combination of
low-cost local timber for the decking, high-reliability manu-
factured timber products for the stringers, and precision fab-
rication and erection techniques should provide a safe, long-
lasting, and economical structure.
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Structural Research and Testing in Florida

M. EL SHAHAWY AND A. M. GARCIA

At present, interest is increasing in the evaluation of existing
structures and the development of new and economical types of
construction. This is a direct result of the rapid change in the
environment and scarce financial resources, which necessitate the
development of better and safer structures and expansion of the
life of existing structures. Also, spectacular developments in com-
puters have provided engineers with a powerful tool for modeling
and analyzing complex structures on the basis of a variety of
assumptions. The verification of these computer models can only
be done through field and laboratory testing, which is now more
important than ever before. The Florida Department of Trans-
portation (FDOT), recognizing the importance of structural
research, undertook the creation of an engineering group dedi-
cated to structural research and testing. The primary responsi-
bilities of the structural research group are to conduct field and
laboratory testing, evaluate existing bridges and structural com-
ponents, and develop new design concepts and ways to cut con-
struction cost and time. The state-of-the-art structural research
laboratory therefore becomes an essential element in keeping
FDOT in the engineering forefront. In this paper FDOT’s current
research program and available capabilities are described, and
the necessary components for successful laboratory and field test-
ing are discussed in detail. A brief description of research projects
in which both laboratory and field testing were utilized to develop
a new economical bridge system is given.

Historically, Florida’s bridges have been among the least
expensive in the nation, on the basis of cost per square foot.
This low cost is due to many factors, among them favorable
weather conditions and lower labor costs. However, the main
factor has been willingness to adapt new construction tech-
niques and design philosophies while still maintaining public
safety as uppermost in importance. It is therefore essential to
encourage structural research for evaluation of these new
techniques and design philosophies before they are imple-
mented.

Challenges from abroad have pointed out a general defi-
ciency in research spending, which would inevitably lead to
inferior products. Transportation research, although more
difficult to compare with commercially oriented industrial
research, has suffered even more. Nationally, in medium-
sized industries, research expenditure has averaged approx-
imately 1 percent of product cost. In some western European
countries and Japan, this expenditure is 5 percent. Heavy
dependence on engineering in the United States suggests that
the level of transportation research should compare with the
level of research in these medium-sized industries.

The Florida Department of Transportation (FDOT), rec-
ognizing the importance of structural research, undertook the
creation of an engineering group dedicated to structural research
and testing. The importance of structural research was brought

Florida Department of Transportation, 605 Suwannee Street, Tal-
lahassee, Fla. 32399-~0450.

to the forefront by several structural problems that occurred
on the then recently completed Keys segmental bridges and
other bridges across the state. It was decided that if FDOT
was to continue as a leader in bridge and structures design,
it would be essential to give proper attention to structural
research.

OBJECTIVES

The primary objectives of the structural research group were
to (a) conduct laboratory tests to develop new design and
construction concepts and (b) conduct field testing and eval-
uation of existing bridges. A brief description of these tasks
follows.

Laboratory Testing

FDOT’s research laboratory consists of a structural engi-
neering laboratory with an attached office building that houses
the researchers, support group, computer laboratory, and
electronic workshop. The structural research laboratory has
a 60- x 125-ft area served by two traveling cranes, each with
a capacity of 20 tons. The primary component of the structural
laboratory is a strong floor, which is a 3.5-ft-deep, heavily
reinforced concrete mat with dimensions of 110 x 50 ft. The
floor has a grid of one hundred and forty-four 150-kip anchor
points at 6-ft centers. Each anchor point consists of four inserts
anchored to channels at the base of the 3.5-ft-thick floor slab.
Allloading systems are driven by hydraulic power. This power
is supplied by a 55-gal/min pump that serves two 55-kip, two
22-kip, and one 550-kip capacity actuator through a hard line
network including five independent channels of controls.

The laboratory has two testing frames. One testing frame,
covering an area of 10 x 58 ft, has a total static capacity of
1,000 kips in the vertical direction and 500 kips in the lon-
gitudinal direction. Details of the loading frame are shown in
Figure 1. This frame allows the experimental testing of any
structural component or bridge model up to 55 ft long and
12 ft wide. The loads are applied by eight 125-kip capacity
hydraulic jacks. Jacks are mounted in pairs on a traveling
frame that allows free movement of each jack in both the X-
and Y-directions. The unrestricted movement of the jacks
allows the application of any desired load combination to
simulate actual field conditions. Details of the loading appa-
ratus are shown in Figure 2. The second frame is a servocon-
trolled closed-loop testing system with static and dynamic
capacity of 550 kips. Figure 3 shows a Y:-scale bridge model
during testing.
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FIGURE 1 Dimensions of loading frame.

Two data acquisition systems are available. The first system
is used to control and collect the test data from the 550-kip
hydraulic testing frame. The second system is housed in a 23-
ft motor home and is used for laboratory as well as field
testing. The computer laboratory consists of a minicomputer
with an extended memory and a graphic work station capable

TRAVELLING JACK ASSEMBLY

FRONT ELEVATON

FIGURE 2 Details of loading apparatus.

of handling large finite-element models. Also included in the
laboratory are several IBM-AT and Hewlett Packard work
stations with a large variety of software that provide the com-
putational capabilities for the research group. FDOT’s IBM
mainframe computer is also available.

With its present capabilities, the structural research labo-
ratory will facilitate static and dynamic load tests of large-
scale bridge models and full-scale structural components. The
results of such tests will serve in identifying serviceability and
load capacity problems of highway bridges and in evaluating
new concepts for inspecting and rehabilitating bridges and
increasing their load capacity.

The research facility is one of a few in the United States
and the only laboratory in Florida fully dedicated to structural
research.

Bridge Load Testing
It is estimated that of 500,000 existing bridges in the 50 states,

nearly 105,000 are rated critically deficient (/,2). In Florida,
thousands of the existing highway bridges are older than 20

FIGURE 3 Half-scale model during testing.
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years. Throughout the state, there are a number of bridges
that, for one reason or another, are posted for loads lower
than the original design loads. In many cases, the proper
rating of a bridge cannot be achieved by the current methods
of analysis. In most cases, the bridge is small and may be on
an off-system road, so that it does not seriously affect com-
mercial users. However, those that are on major systems and
the resulting detours affect both the public and the commercial
users.

Rridges of questionable strength that are posted for lower
ioads or scheduled to be replaced can be examined through
a load test. The information collected from such a test can
be analyzed to evaluate the true strength of the structure.

In bridge testing, various elements need to be examined.
The strength of these elements is generally determined by
placing strain or transducer gauges at critical locations along
the elements. The bridge is then incrementally loaded to induce
maximum effects. The data collected from the various instru-
ments can be used to establish the strength of each component
as well as the load distribution.

Testing Apparatus

The bridge load-testing apparatus consists of two testing vehi-
cles, a mobile data acquisition system, and a mobile machine
shop. The two testing vehicles were designed to deliver the
ultimate live loads specified by the AASHTO code. Each
vehicle is a specially designed tractor-trailer combination
weighing in excess of 200,000 1b when fully loaded with con-
crete blocks. The detailed dimensions of the test vehicles are
shown in Figure 4. Each vehicle can carry a maximum of 72
concrete blocks, each weighing approximately 2,150 1b. Incre-
mental loading is achieved by adding blocks with a self-con-
tained hydraulic crane mounted on each truck. Each truck
contains a remote control system, allowing driverless opera-
tion when a bridge’s strength is in question.
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Testing Procedure

Once a bridge has been identified for load testing, a site survey
and an analysis of existing plans and inspection reports give
further information on the feasibility of such a test. The plans
and details of instrumentation and loading locations are then
established. The next step is to mobilize all testing equipment
and personnel at the bridge site. The instrumentation [e.g.,
strain or transducer gauges, linear variable displacement
transformers (LVDTs)] is placed at critical locations on the
structure and tested for functional response.

The testing vehicles are loaded with an initial number of
concrete blocks, established from the preliminary analysis of
the existing structure. The vehicles are then driven to critical
locations on the bridge while the data acquisition system mon-
itors the instrumentation during loading. Figure 5 shows the
two load-testing vchicles during testing. The data are imme-
diately analyzed, displayed, and compared with the theoret-
ical prediction to ensure the safety of the bridge, equipment,
and testing personnel. After each load step, if the results
compare favorably with the theoretical prediction, a specitied
number of blocks is added to the vehicles and the test is
repeated until the ultimate AASHTO load is achieved. The
data gathered can then be analyzed and a report of the findings
prepared. Bridges that carry both vehicles without apparent
distress are considered structurally safe.

RESULTS AND BENEFITS

One of the primary reasons for the establishment of the
department’s structural research program is the potential cost-
saving benefits. In the short time that the laboratory has been
in existence, the cost savings to the taxpayers have more than
offset the expenditures.

Following are a few examples that show how Florida has
already received significant cost savings and potential future
savings.

Bl

4.50' | 21.00' | 4.50' | 15.50'
| I 1
45.50'

WEBHTS LOAD TRANSFER
72 ballast blocks 154,800 Ib. 5th wheel 82,350 Ib.
Equipment 8,200 Ib. Steering axle 15,630 Ib.
Trailer 24,000 Ib. Drive tandem 83,720 Ib.
Tractor 17,000 Ib. Trailer tandem 104,650 Ib.

Total 204,000 Ib.

Note: All weights and dimensions are approximate and for information only.

FIGURE 4 Detailed dimensions of testing vehicle.



El Shahawy and Garcia

FIGURE 5 Load-testing vehicles.

Load Testing

The results to date have shown that load limitations imposed
by theoretical analysis are not representative of the structure’s
real capacities. Design engineers and the existing codes have
made conservative assumptions in the mathematical analysis
of a bridge. This is not an unexpected finding. What has not
been established, though, is a more accurate understanding
of the extent of that conservatism and what it represents.

With higher loads expected in the future and the fact that,
in spite of all attempts at policing these loads, overweight
vehicles use the roads and bridges every day, what is needed
is the knowledge of what these bridges can actually carry
safely.

The bridge load-testing program will allow a satisfactory
overall strength evaluation of any bridge under question. The
information provided will greatly increase selective rehabili-
tation rather than the current practice of replacement of the
entire structure. Proof loading has consistently indicated that
structures have greater residual strength. It is estimated that
about 85 percent of bridges with load restrictions do have
adequate load-carrying capacity and subsequently do not need
to be posted or replaced.

According to the department’s program and resource plan,
approximately $850,000,000 will be spent on bridge replace-
ment and maintenance during the next 10 years. If this amount
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could be reduced by only 10 percent through the proof testing
of bridges thought to be structurally deficient, the potential
exists to save an estimated $85,000,000 during the 10-year
period.

Florida Bulb-Tee Beam

The Florida bulb-tee beam was developed in house through
extensive analysis and testing. The 72-in.-tall beam is the most
effective ever designed or built in the United States. It was
first incorporated in the Eau Gallie Bridge, which carries State
Road 518 over the Atlantic Intercoastal Waterway, called the
Indian River in Melbourne, Florida (3). The bridge consists
of twenty 145.0-ft spans and carries four designated traffic
lanes, two emergency lanes, and a 5.0-ft sidewalk. The bridge
is subdivided into five independent structures, each contin-
uous over four spans. Continuity was achieved by longitudinal
posttensioning, which was carried out in two phases, one before
and one after the slab was placed.

The development process included the physical testing of
a full-scale, two-span continuous beam. The test beam carried
the full AASHTO service load with no cracking. At ultimate,
the beam carried 130 percent dead load and 490 percent live
load, thus greatly exceeding AASHTO requirements.

The bridge was built in two stages. In the first stage, approx-
imately two-thirds of the superstructure was constructed and
opened for traffic. In the second stage, the old bridge was
removed and the remaining part of the superstructure was
built. Before the first stage of construction was opened to
traffic, the bridge was load tested. The Eau Gallie Bridge
won a certificate of special recognition from the Prestressed
Concrete Institute in 1987.

In a competition for building the Howard Franklin Bridge
over Tampa Bay, a design utilizing the Florida bulb-tee won,
with a direct savings to FDOT of approximately $2,000,000.
These savings, coupled with the estimated savings over con-
ventional AASHTO or segmental beams on both the Eau
Gallie Bridge ($800,000) and the Apalachicola Bridge, now
under construction ($1,000,000), totals almost $4,000,000 in
benefits already received by the department.

Isotropic Deck Reinforcement

The testing of both prototype and model bridge slabs showed
that the mode of failure is not governed by flexure, as sug-
gested by the AASHTO specifications, but by punching shear
(4). Accounting for that fact in the design of bridge slabs will
permit decreasing slab reinforcement by at least 50 percent.
The research work is essentially complete. Adopting the new
method of design will save approximately $4,500,000 a year
for the state of Florida.

Transversely Posttensioned Double-Tee Bridges

The double-tee bridge system was developed through a coop-
erative effort between industry and the FDOT structural
research group (5,6). The fully precast, prestressed double-
tee beams are tied together by transverse posttensioning through
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simple grout-filled V-joints. The system provides for complete
transverse continuity. This new system is aimed at state and
Interstate highways witlt spans up to 80 ft.

In addition to analytical development, two series of physical
tests were carried out. In the first (5), a half-scale bridge
model was statically tested to investigate the overall behavior
of the new system. In the second series (6), four fatigue tests
were performed on a two-span 1:3.5 scale continuous bridge
model at Florida Atlantic University. On the basis of both
studies, a new design method was developed for short-span
bridges.

The new design was utilized in the construction of two
bridges for the city of Tallahassee. Both bridges were then
load tested. The test results suggest that this new design is
one of the most efficient for short-span bridges.

This new bridge type will save as much as $5/ft over current
AASHTO designs for short-span bridges. It is estimated that
a savings of $50,000,000 over the next 10 years may be possible
using this new design.

CONCLUSIONS

Structural research is essential to transportation. Deficiency
in research spending will only lead to inferior products. For
many years, funding for transportation research in the United
States has not been sufficient to support innovative product
development as demanded by the public. The United States
has become a copier and user of technology developed by
others rather than a leader.

Increased research funding and long-term planning are crit-
ical for the United States to compete with other western Euro-
pean countries and Japan and to become once more a leader
in this field. The Florida research program is only a small step
in that direction and should be considered by other states in
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planning for the future. The benefits and the long-term cost
savings are obvious.
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Methodology for Assessment of Vessel
Impact Energy on Bridge Piers and Spans

PETER BEIN

Relevant risk factors are reviewed and a methodology is pre-
sented for determination of vessel impact energies and return
periods for bridges located over navigable waters. The approach
integrates vessel traffic and operating characteristics, bridge
geometry, marine environment conditions, and aberrance fre-
quencies of vessels. The method is generic and can be applied to
multispan as well as to short bridges located either in a marine
environment or over inland waterways. Main and side piers and
spans are considered the objects of vessel impact threats. The
analysis can be useful in bridge planning and in selection of design
criteria for impact loads on bridge elements. The methodology
recommends calculation of impact velocities of vessels by the
application of mechanistic equations describing the behavior of
errant vessels in wind, currents, and waves as a function of the
vessels’ operating speed and location at the instance of aberrance.
The method can also be used if the impact velocity distributions
are assumed by judgment. Examples from two Canadian bridge
projects are given.

The determination of vessel impact forces is crucial for plan-
ning and design of bridges over navigational waters, but it
requires extensive data. Some bridge risk assessments mix
loss of human life with economic efficiencies (/, pp. 24—34).
An alternative approach (2, pp. 297-306) selects vessel impact
design criteria on the basis of socially acceptable risk levels
and requires an assessment of possible impact energies and
recurrence intervals. Multispan bridges pose special problems
in the assessment. Vessels straying from a navigational chan-
nel have a high probability of approaching the flanks of a
bridge. Often the side elements cannot, for reasons of econ-
omy, be designed to the same standards as the main piers and
spans. Marine exposure creates additional risk factors, which
are not normally present in inland waterways. This paper
reviews vessel impact risk factors for a long bridge located in
a marine environment and presents a method for assessing
impact energy and recurrence. Potential damage to a bridge
depends on the striking vessel’s kinetic energy and also on
dissipation of this energy in the process of deformation and
displacement of the vessel, bridge elements, and protective
devices. Energy dissipation and impact force generation are
not the subject of this paper. The approach is illustrated with
two cases: the Northumberland Strait Crossing on Canada’s
eastern seaboard and the Annacis Channel Bridge in Van-
couver, British Columbia.

In this paper, a vessel “‘casualty”” means a collision, ground-
ing, flooding, capsizing, foundering, sinking, fire, explosion,
ice damage, or other misfortune. Casualties and near-cas-
ualties are “incidents.” “Collision” is contact between two or
more vessels, whereas “striking” is contact between a vessel

3955 West 14th Avenue, Vancouver, B.C., Canada V6R 2X2.

and a stationary object. ““Aberrance’” means that a vessel is
out of control or on an error course.

RISK FACTORS AND IMPACT ENERGY

A review of sources on marine and bridge casualties, which
is discussed elsewhere (3), revealed that the following factors
may aggravate the risk of vessel impacts on multispan bridges
in a marine environment:

1. Mixed use of the waterway, involving fishing, recreation,
and commercial vessels;

2. The presence of towed barges and ships under ballast in
the traffic;

3. Tides, currents, winds, floating ice, and reduced visibil-
ity;

4. Sabotage and vandalism; and

5. A large number of spans and piers posing an obstacle to
safe transit of a large vessel on a stray course.

Casualty Statistics and Limitations

The review also established that casualty statistics cannot be
exported uncritically between regions, particularly under con-
ditions of low vessel traffic volume. The statistics are based
on past occurrences and reflect marine conditions, ship tech-
nology, and navigational aids specific to the time and place
of data collection. Human differences between the navigators
in foreign waters and at a study bridge site may also be a
limitation, because the human factor is the leading cause of
incidents.

Computational methods based on mechanistic models and
fault-tree analysis of a vessel’s systems are not adequate either,
because they miss the human error. These limitations pose a
dilemma, because strikings of bridges are rare events, and a
risk analyst would gladly use any available data. Vessel cas-
ualty data banks, such as those operated by marine insurance
companies or the Canadian and U.S. coast guards, provide a
sound basis to establish statistics reflecting local factors. In
North America, the law requires the reporting of all incidents
through appropriate channels, but near-casualties would not
always be reported. Canadian Coast Guard reports of 77 marine
incidents (Table 1) in the Northumberland Strait were ana-
lyzed. Although fishing vessels appear accident-prone, they
are significantly safer than other vessels if one considers their
length of time at sea.
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TABLE 1 CASUALTIES IN NORTHUMBERLAND STRAIT,
1976-1986

No, of Inﬁ!’ﬂfﬂ?&(“! No. of S’ﬂi!!é}!‘?‘s(b)
Year Total Fishing(¢) Other(d)  Total Fishing(€) Other(d)

1976 B 0 2 5. 0 2
1977 0 0 0 0 0 0
1978 1 0 0 1 0 1
1979 2 1 1 2 1 1
1980(¢) 10 4 6 9 4 5
1981 11, 10 1 11 10 1
1982 10 7 3 9 7 2
1983 7 6 1 7 6 1
1084 i2 9 3 10 8 2
1985 16 8 8 15 8 7
1986(f) s 4 1 S 4 1
Total 77 49 28 72 T 23

Notes:

a Excamling ferries, confined waters, and harbors.
b)  As (2) but multiple vessels involved are counted as one event.
¢} Including trawlers, draggers and seiners,
d) General cargo, tankers, dredges, towed barges and work bouts,
icebreakers, tenders, and research vessels.
Ee) New reporting procedure introduced.
Incomplete annual report.

Bridge Striking Data

Half the time, the human factor was the main cause in major
Canadian bridge strikings. The human factor was a sccondary
contributor to the environmental factors; thus human error
was involved in most of the incidents (4). Contrary to con-
ventional design practice, ships choose to ram the side piers
and spans more often than the main piers (5). Only 6 of 19
serious strikings worldwide involved main piers, and 13 involved
side piers and superstructures (6). Bridges over waterways
may create or aggravate difficult areas of navigation (7).

Sea Ice Factor in Casualty Statistics

Ice conditions were found to make a significant contribution
to vessel casualties in Canada and in Europe (3). In Table 1
most of the incidents involving more than one vessel occurred
in ice. In Canada, ice was the primary cause in threc major
bridge casualties (4). Table 2 shows that in Northumberiand
Strait the risk of vessel casualty in winter is about seven times
greater per transit than in the ice-free season. Whether an
incident in ice will become a casualty at a bridge depends on
the buffer effects and the movement of ice surrounding the
vessel.

TABLE 2 RELATIVE HAZARD OF SEA ICE IN
NORTHUMBERLAND STRAIT

Incident
Season  Vessel Movements Incidents Frequency
Ice-free 189 10 0.053
Winter 21 8 0.381
Total 210 18

Note:

1980-1985 casualty records for Northumberland Strait, Canadian Coast

Guard. Number of vessel movements based on 1978-1986 annual average, 10%
of which take place in winter.
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Impact Energy Equation
The impact energy Lk, is given by

i VJZ (1)

k,, = added mass coefficient,

m; = mass of vessel, and
W, = jmpact velocity of vessel
J o T e

The impact mass includes both the vessel and a water volume
surrounding the hull. The coefficient k,, ranges from 1.1 for
head-on to 1.4 for broadside strikings in deep water. For a
clearance under the keel smaller than the vessel's draft, k,,
can exceed a value of 2. Modern laden tankers meet such
conditions in many navigational channcls. At side piers, which
are usually located in shallower water, most of the laden cargo
ships will engage a high added mass of water. If a ship is
trapped in sea ice, the mass of ice moving with the ship should
be included in m,.

Many factors specific to site conditions and vessel operation
determine magnitude and direction of v;, as follows:

V]- = f: (vo’ 107 Se’ Sn) (2)
where

i = vessel under consideration;

1, = vessel’s operating speed and location before aber-
rance, respectively;

S, = modifying effects of wind, currents, and waves as
the vessel closes in on the bridge; and

S; = vessel’s geometric and dynamic characteristics.

It is expedient to determine v; by simulation with equations
describing vessel behavior under wind, current, and wave
forces. A range of starting speed and location is assumed from
data on vessel operation. Each starting condition is analyzed
for the full range of possible environmental conditions that
cause the vessel to advance toward the bridge. Advanced
hydrodynamic equations can also be used, but then the vessel
data inputs may be too demanding. A set of curves as in
Equation 2 was developed for laden and empty barges (2).
Each curve describes v; as a function of the closing distance,
current, and wind speed and direction. One set of such curves
is shown in Figure 1.

Environmental Factors and Vessel Behavior

The marine environment can be a powerful determinant of
vessel speed and aberrant behavior. Currents may be due to
tidal, wind-stress, and storm surge currents, which are inde-
pendent and add up if superimposed. Currents increase in
passages and narrows, where bridges are most often located.
The resultant flow depends on the hydrography and bathym-
etry and on the meteorological conditions in a bridge site area.
Currents combined with wind and waves determine drift
velocities of disabled vessels and vessel course-keeping on
approaches to the bridge. In winter, floating ice interferes
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FIGURE 1 Impact velocity curves for laden
barges becoming aberrant at 700 m closing
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with navigation. More detailed discussions have been pre-
sented elsewhere (3).

PROBABILITY MODEL FOR STRIKING A
MULTISPAN BRIDGE

Three conditions are required for a vessel to strike a bridge:

1. Aberrance: the vessel must either become out of control
or disabled or start an erroneous course anywhere on the
approach to the bridge.

2. No evasion: the vessel must continue sailing and must
reach the bridge location rather than somehow avoid it.

3. Geometry: once at the bridge, the vessel must make
contact with some bridge elements.

Besides the probability of striking, mass and impact velocity
of the vessel influence the extent of potential damage to the
bridge. Thus, three pieces of information are needed to assess
the probability of impact energy: (a) probability of striking,
P; (b) probability of impact mass, P,,; and (c) probability of
impact velocity, P,. For Vessel i, these probabilities are inde-
pendent and the total probability of impact energy E;; due to
mass m, and velocity v; is

P(Eij) :P:i'Pmi.ij (3)
Annual basis is used for all three probabilities because the
objective of the analysis is to calculate annual probability

distributions of impact energy from which return periods can
be obtained.

Probability of Striking

The probability of striking is a product of three probabilities:

Py = pypy pu 4
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where
py; = annual probability of aberrance of the vessel type
under consideration,
P2 = probability of no evasion; and
P+ = geometric probability.

Probability of Aberrance

How far from the bridge a vessel gets out of control is irrel-
evant from the risk analysis viewpoint, as long as the aber-
rance is a potential threat to the bridge. The aberrance fre-
quency is specific to type of vessel and local conditions. Barges
or other vessels on tow are more prone to get out of control,
as are large ships under ballast. Adverse weather and currents,
and the presence of sea ice, increase the chance of aberrance
of any vessel. Local data on aberrance frequencies account
for both the local vessel factor and local site conditions. If
available, such data should be used rather than data from
foreign waterways, because the specific local environmental
and operating conditions are locked into the statistics.

Probability of No Evasion

Evasive actions may be taken on board the stray vessel if the
crew realizes the danger. Some possibilities include dropping
an anchor, steering away from the bridge, or reversing the
engine. Human intervention could also come from outside,
for example, by deflecting a stray vessel or stopping it with
tugs. Evasion may also occur by chance if the aberrant vessel
is stranded, sinks, or is grounded on shallows before reaching
the bridge. Depending on incident-reporting practice, vessel
aberrance statistics now available may or may not include the
effects of human intervention on evasion. In most risk anal-
yses, p,; is assumed to equal 1.0 unless there are vessel-
monitoring and tug intervention systems in place at a bridge
site. Such systems would make sense for long bridges with
low-clearance side spans because the likelihood of striking
side spans and piers is high.

Geometric Probabilities
Geometric probability of striking a bridge element depends

on the size of the vessel and on bridge dimensions. For piers,
the probability is

py = (B + w)/L ©)
where

B = pier base or protective island diameter,

w, = effective width of vessel, and

L = bridge span center to center.

The vessel’s effective width is a random variable equal to the
width projected on the longitudinal axis of the bridge. It ranges
from vessel breadth for bow-on and stern-on impacts to vessel
length for impacts broadside. Ambitious studies with suffi-
cient data can assume a probability distribution for w;, but
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generally the following judgmental formula for an average
valie should suffice:

w; = (I, + b)la, (6)

where

~
I

. = vessel’s length overall,
. = vessel’s breadth (beam), and
judgmental constant greater than 1.0.

S o
il

The judgmental constant depends on vessel and pier type.
Strikings tend to be oblique at a sharper angle at main piers,
whereas they would be more broadside at side piers. In the
Northumberland Strait study, a, = 3 was adopted for ballasted
and for towed vessels, and a; = 4 for all other vessels. Cor-
responding to relatively sharp angles of vessel attack, these
constants are particularly relevant to main piers. Smaller val-
ues would be more appropriate for side piers. The constant
and the effective width of vessels have a greater effect on
Equation 5 when the pier diameter is small compared with
vessel size, and for that reason the estimation should then be
more careful.

The geometric probability of striking the spans, p%;, depends
on a vessel’s superstructure. The topmost “soft” elements,
such as antennas and masts, are not necessarily a serious
threat, and the height of the vessel can be suitably reduced
for risk analysis of spans. At sites with tidal variation of water
level, the vertical clearance of a span has a frequency distri-
bution. The same vessel may clear the available height at low
tides but not at high tides. The general expression for pj; is

pi = P(h;> H) =
where

h.

i

1 = P(h; <H) =1~ F,(H) (™)

elevation of uppermost limit of vessel’s “hard”
elements above water line,

— span vertical clearance,

probability, and

= cumulative distribution function, that s, the prob-
ability that vessel height /4, is equal to or less than
the available vertical clcarance under a span.

S,
I

The latter distribution can be constructed from the frequency
distribution of tidal elevations.

Probability Relation to Closing Distance

All three probability components of bridge striking by a vessel
are related to its distance from the bridge. In general, this
function is

« = filld) 8)

where k refers to aberrance, evasion, or geometric probability
and d is the closing distance from the vessel to the bridge. In
most analyses it would be pragmatic to take average values
for each p,.

For long bridges, the geometric probability of striking main
piers decreases with the closing distance, whereas for side
piers and spans, it increases. A schematic in Figure 2 helps
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FIGURE 2 Situation graph for probabilistic model.

to calculate the geometric probabilities. Assume that each
pier is represented by a circle of diameter D equal to the
width of the pier base plus a characteristic average vessel
dimension, as defined in Equation 5. Diameter D can be
different for main and side piers. All errant paths of a vessel
are equiprobable straight lines fanning out from the point at
which loss of control started. If there are reasons to believe
that the errant paths are not equally likely, a different prob-
ability distribution can be introduced.

When the outside of the fan glances the inside of the main
pier circles, there are no strikings. When the outside of the
fan intersects the bridge approaches at the shoreline, the upper
limit of the number of potential strikings is reached. Moving
the fan farther away will strand the vessel. Intuitively, between
the two limits there are strikings of the bridge, and their
geometric probability can be calculated by counting the num-
ber of bridge elements swept by the fan placed at successively
increasing distances from the bridge.

The geometric probabilities are shown in Figure 3 for the
case of a navigational channel centered about the bridge length
and all spans of equal length. For aberrance occurring up to
about 1.5 span lengths from the bridge, main piers are prime
targets. As the distance increases, the likelihood of hitting
one of the side piers increases. The results are for a 90-degree
fan. For a navigational channel located close to one shore,
there will be about 50 percent reduction of frequency of strik-

d=CLOSING PISTANCE
L= SPAN LENGTH
D= PIER BASE DIAMETER

SIDE PIERS

GEOMETRIC PROBABILITY » L/p
5

0.4

0.2 4

0o L :'.W IERS = :
o 5 !O 5 20

RELATIVE DISTANCE , d/.

FIGURE 3 Relative likelihood of
striking piers when all span lengths
are equal.
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ing the side bridge element. Similar results can be shown for
striking the spans.

The tendency to hit piers and spans will be countered by
possible successive evasions. The chance of taking an evasive
action diminishes at shorter distances, which do not leave as
much time to act compared with longer closing distances. For
lack of data, one can assume a probability of no evasion, p,;
= 1.0 at d = 0, decreasing to p,; = 0.0 at a large distance,
which should be determined by judgment.

The distance to the farthest point of aberrance that could
result in striking is large in the case of long bridges. In Figure
2, the distance is equal to about half of the bridge total length,
that is, 6 km for the case of the Northumberland Strait Cross-
ing. Published aberrance frequency statistics relate to vessel
passage by a critical location, but for long bridges it would
be more meaningful to express the frequency in terms of
distance traveled by a vessel. It is not a particular location
that is critical to aberrance, but rather a certain long distance
on both approaches to a bridge. This alternative approach to
estimating aberrance frequency requires both vessel incident
and travel data from the study area.

Probability of Impact Mass
Probability of impact mass is
Pmi - .fl : pmi (9)

where f; is the relative frequency of vessel type under consid-
eration in the traffic volume and p,,,; is the probability of added
mass. The total annual traffic volume is classed into a number
of typical vessels on the basis of operational characteristics
and size. An allowance should be made for traffic growth and
for possible introduction of new types of vessels in the future.

Probability p,,; is conditional on the same factors that affect
the total mass at impact. These factors are the ratio of water
depth to vessel draft and the inclination of the striking vessel
relative to bridge elements. The ratio depends on vessel load-
ing condition and location at the bridge, and the inclination
depends on vessel type, loading, and weather and currents.

It may be too cumbersome to determine p,,; conditional on
so many factors. Unless Equation 3 proves to be sensitive to
this parameter, p,,; can be disregarded. The annual traffic
volume is then classed on the basis of both vessel operational
characteristics and behavior when aberrant in the marine envi-
ronment, and an average added mass coefficient is used in
Equation 1. The Northumberland Strait preliminary study,
for example, subdivided all vessels into freighters, tankers,
passenger ships, barges, and other vessels. The cargo vessels
were classed by size as laden or ballasted to account for the
behavioral factor and the depth-to-draft ratio. A total of 14
types resulted, and the fraction of each vessel type in the
annual volume was estimated from past traffic statistics and
future projections.

Probability of Impact Velocity
Given the relationship in Equation 2, v, has a joint probability

of operating conditions v, and /, and environmental factors
S.. In general, the vessel’s operating speed depends on §,,
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and consequently,
P, = P(v,S.) - P(,) - P(S.) (10)

where P(v,|S,) is probability of operating speed in a given
marine environment. Vessel characteristics S; are implicit in
Equation 10, which is specific to vessel type but not indexed
with i for simplicity.

Variables v, and §, have those particular values that pro-
duce impact speed value v,. Specifically,

P(S,) = P(uj|wj) - P(w) + P(c) (11)
where

u = wave conditions;

w = wind speed, direction, and duration;

¢ = currents; and

Jj = specific values resulting in the value v, of impact speed.
For example, a certain vessel described by a set of charac-
teristics S;, westbound and becoming aberrant at /, = (1.5
km east of the bridge) and v, = (7 m/sec over ground or 5
m/sec through water), and experiencing w;, = (side wind, 40
km/hr), ¢; = (westerly current, 2 m/sec; cross-current, 0.5
m/sec at 1-km intervals) could have an impact velocity v, =
3 m/sec while inclined 60 degrees.

Waves need not always be considered, because they do not
affect impact velocity of larger vessels. If considered, their
probability is normally conditional on wind, unless other wave
sources such as swell occur at a bridge site.

An example of a P,, distribution for barges (2) is shown in
Figure 4. The impact speed is a function of wind; river and
tidal currents; four segments of barge routes, some of which
involve turning; variable operating speeds; selected operating
hours; and two distinct sources of aberrant vessels, namely,
moored barges and towed barges. The complexity of oper-
ating conditions was reduced to two variables, v, and /,, which
were classed into intervals with relative frequencies known
from analysis of the operations. Occurrence of currents was
determined for the operating hours. Frequency distributions
for currents and winds were derived from past statistics. Envi-
ronmental and operating conditions that drove the vessels
away from the bridge or led to v; = 0 were consolidated and
their joint probability is shown in Figure 4 at impact speed 0
m/sec.

Return Period of Impact Energy

Calculation of the return periods is trivial once all the steps
required to obtain P(E,) in Equation 3 have been completed
for all possible impacts. All values of E; are arranged in
descending order, and the probabilities of each event are
added to arrive at the annual exceedence probability for a
given impact energy. A reciprocal of the annual exceedence
probability is the return period of the impact energy.

In some bridge risk analyses, there may be two or more
distinct sources of possible strikings of bridge elements by
vessels. Examples include a navigational channel and a vessel
mooring site; a combination of independent navigational
channels; or a combination of different marine activities, such
as fishing and navigation. There may also be a number of
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segments within the shipping lanes with different vessel oper-
ating characteristics. Regardless of the real-world complexi-
ties, it is usually possible to break the problem down so that
the energies, the associated probabilities, and the return periods
can be calculated.

Such analysis has been done (2) for complex conditions.
The impact energies associated with 200- and 500-year return
periods were of particular interest for design. The bridge sup-
ports an urban arterial road, which serves as a lifeline facility
in case of earthquake or other emergencies. The highway
authority specified the 200-year event for designing structures
to the elastic limit. A 500-year recurrence was specified for
vessel impacts that can cause permanent structural damage,
but without collapse and loss of human life.

Example

The Abegweit Passage of Northumberland Strait between
Prince Edward Island and mainland Canada is 13 km wide.
In preliminary planning, a number of generic bridge designs
were considered. This example refers to an alternative with
43 spans, each 300 m in length (3). The navigational channel
is located close to one shore. The side spans have a clear
height of 14 m, but the main span permits transit ol large
ships. The main piers are protected by islands 100 m in diam-
eter (including the effect of underwater slope), and the cal-
culated impact energies are applied to design of the berms.
Side piers are 15 m at the base.

Environment

Two ebbs and two floods move through the passage each day.
The flood rates range from 0.4 to 1 m/sec, depending on the
season. Surge currents caused by storms in the Gulf of St.
Lawrence occur on 5 days per month on the average. The
surges can reach 1 m/sec and last a long time if driven by
major storms. Rip currents caused by crosswinds can be a
major factor in loss of control of ballasted or towed vessels
at the site. Wind conditions are not sufficient to develop Sea
State 5 or rougher. Ice conditions are among the most difficult
of all approaches to Canadian ports and last 10.5 weeks on
the average. Even the most powerful ships may then expe-
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FIGURE 4 Probability of barge impact velocity.

rience difficulty, and lower-powered vessels become beset by
the moving sea ice.

Vessel Traffic

The vessels in the navigation channel range from occasional
passenger cruisers and large cargo ships and tankers to fishing
trawlers and barge tows. Typical vessels are described in Table
3. The base case traffic volume is 260 vessel movements per
year, of which 10 percent occur in ice conditions. Barges
constitute 20 percent of the total traffic. The cargo vessels
were assumed fully laden in 65 percent of movements and
ballasted in 35 percent, and tankers and barges fully laden in
50 percent of movements.

Aberrance frequencies based on “vessel-kilometers” rather
than “passing by a geographic point” could not be calculated
for lack of vessel travel data.

Assumptions

Data were not available in sufficient detail to warrant deter-
mination of relative frequencies of all relevant environmental
[actors. Instead, P,; was adopted by judgment of site and
navigational conditions. The base case assumes a three-point
distribution with 2, 4, and 6 m/sec impact speed and proba-
bility mass of 25, 50, and 25 percent, respectively. For barges
and other vessels, the three points are 1, 2, and 3 m/sec. The
low speed represents impacts in head currents, whereas the
high speed represents impacts in following currents. To account
for the dislocation of stray vessels under wind and current,
which were not modeled mechanistically, a “path probability”

TABLE 3 CHARACTERISTICS OF TYPICAL VESSELS IN
NORTHUMBERLAND STRAIT

Vessel Displacement, tonnes Length, Beam g [ Drgl’!, m
Type Laden Ba]lasted m Ballasted
Freighter ~ 4000-18000 700-5200  91-134 1320 1832  20-34
Tanker 10000-16000 2800-3800 119-132 16-20 23-30  25-32
Passenger 3700 NA 98 16 24 NA
Barge 7400 1300 100 20 6 9

Other 1000 NA 46 9 21 NA

Note: NA = not applicable
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wasintroduced. It refers to the likelihood of an aberrant vessel
transit within the main channel and piers. Other paths lead
to side piers and spans. In the base case, 50 percent of aberrant
courses are within the main channel, except ballasted freight-
ers and ballasted tankers, and all barges are assumed to have
this probability reduced to 30 percent owing to their steering
difficulties.

Analysis

The analysis was carried out for main piers, side piers, and
side spans using a microcomputer spreadsheet. None of the
vessels can reach the underside of the main span, even at high
tide. The return periods were computed from cumulative
probability mass functions of impact energies and the results
were smoothed out. The sensitivity of results was tested rel-
ative to impact speeds, traffic, aberrance frequencies, path
probability, and bridge geometry. The results were graphed
with the return period as a function of the impact energy. A
graph can be entered with a predetermined return period and
the corresponding impact energy can be found.

Results

The most severe loads can be expected on side spans, for
which the corresponding curve has the smallest slope (Figures
5 and 6). A 500-year energy is 400 MNm on side spans, but
it is only 140 MNm on main pier islands and 60 MNm on side

o SIDE SPANS

o SIDE PIERS
ﬁ )
>_
o oo
Q
m 7
o,
> e
ol
2
L
o
400

IMPACT ENERGY, MNm

FIGURE 6 Effects on side piers and spans of
changing impact velocity.
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piers in the base case. This agrees with intuition, because the
side spans ‘“‘catch’ all vessels that cannot clear the height of
the side spans above water level. Side piers receive less energy
than main piers for a given return period, owing to higher
main channel path probability assigned to the larger vessels,
and higher geometric probability of striking the main pier
island than the side piers. Changing the range of speeds from
low to high doubles or triples the impact energy for a fixed
return period (Figure 5). Changing the skewness of the speed
distribution from left to right has a similar effect (not shown),
because right skew of the distribution implies more frequent
occurrences of higher speeds.

Doubling the barge traffic (Figure 6) has a negligible effect
because the number of barge movements increases at the
expense of the other vessel movements, whereas the total
number of vessels remains unchanged. This simulates a mode
shift from the smaller freighters and tankers to the barge. The
small deviations from the base case reflect changes in vessel
mass distribution. Doubling annual traffic, however, triples
or quadruples the base case energies within the 200- to 500-
year range (Figure 7).

Path probabilities have a strong effect (Figure 8), but the
example uses extreme cases, which are not very likely in prac-
tice. The path effect is not comparable with the effect of
aberrance frequencies, which are probably closer to the actual
situation. A high probability of main channel path drastically
increases the energy corresponding to 200 years, whereas a
low probability reduces the impact energies on the protective
islands to nil. A weaker effect in the same direction is due to
aberrance frequency. The approximate magnitudes of these
deviations from the base case vary greatly with the return
period because the slope of the graphs is highly variable. For
side piers and spans, the opposite trend is true for path prob-
abilities (not shown), while aberrance probability changes have
similar effects to those in Figure 7 in percentage terms.

The effect on side piers of changing side span length by 10
percent and of doubling pier base diameter was found to be
minor. However, decreasing the 14-m clearance to 10 m (a
saving of some 160 vertical m of side pier structures) does not
practically change the risk of collisions with the “hard” ele-
ments of vessels.

Effect on Planning

As a result of the preliminary risk study, it was decided to
relocate the navigational channel closer to the center of the
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FIGURE 7 Effects on main spans of
changing impact velocity.
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bridge. The height of the side spans was increased to allow
clearance for hard elements of the largest vessels under high-
tide conditions. The sensitivity analysis findings pointed to
the importance of vessel speed determination for future phases
of the project. A 20 percent underestimate of impact velocity,
for example, results in a 44 percent underestimate of the
energy. Frequency distributions for winds, currents, tidal ele-
vations, and ice conditions will be required to achieve accurate
estimates. Due to the complexity of marine elements, vessel
operating data from the Strait should be applied in mechan-
istic simulations of aberrant drift to determine the impact
velocities. Aberrance probabilities can be estimated from the
Canadian Coast Guard data and vessel travel statistics.

CONCLUSIONS

For bridges in marine environments, selection of design cri-
teria from probability distributions on the basis of publicly
acceptable risks is the preferred method because it avoids
evaluation of intangibles, such as the worth of human life.

A methodology has been presented for assessing the prob-
ability distribution of impacts from bridge geometry, vessel
characteristics, marine site data, and local aberrance statistics.
The approach draws on models and methods previously devel-
oped by others and by the author. It integrates all factors
considered relevant in such risk analysis and can also be applied
to shorter bridges and to inland waterways, because it is generic.
It can be useful for bridge planning to evaluate alternatives
and in design to determine impact load criteria.

The kinetic energy equation is most sensitive to the impact
velocity, which is also the most uncertain variable. The com-
plexity of the marine elements and their interaction with vessel
behavior pose an analytical challenge in estimating the impact
velocity and its probability for bridges in a marine environ-
ment. Mechanistic models of vessel behavior can be instru-
mental in arriving at accurate estimates of the velocity. Site
condition statistics must be analyzed in conjunction with ves-
sel operating data to obtain the probability distributions.

Aberrance frequencies should be based on local statistics
because foreign data may not be applicable. Long bridges
require an aberrance statistic related to vessel-kilometers of
travel.

Each variable should be conveniently divided intc: a number
of intervals so that manageable probability mass functions can
be analyzed on a microcomputer. In complex risk analyses,
breaking the problem into parts and selection of these inter-
vals is an art as much as it is a science, and it is made on the
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basis of data availability and interactions between various
groups of variables. For this reason, a rigid software program
encoding all prescribed analytical procedures would not be
suitable, but an interactive program might be.

In studies affording collection of all required data in suf-
ficient detail to feed all equations of the present model, Monte-
Carlo simulations combined with mechanistic modeling of ves-
scl behavior would be well justified.
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Unintended Composite Action in Highway

Bridges

SATRIYA SUETOH, EDWIN G. BURDETTE, DAVID W. GOODPASTURE, AND

J. HAROLD DEATHERAGE

All available data on unintended composite action in beam-and-
slab bridges are reviewed and the factors that may influence the
existence of unintended composite action in noncompositely built
beam-and-slab bridges are investigated. Test reports summarized
in this paper have shown that the existence of a natural or a
chemical bond is the single most important factor in determining
whether a noncompositely built beam-and-slab system can be
counted on to act compositely. There is considerable evidence
that indicates the presence of composite action in bridges in which
no provisions were made for such action. This composite action
may reduce the stress under a given load by a significant amount.
However, the uncertainty surrounding the presence of composite
behavior and the difficulty associated with verifying the existence
of composite behavior make the assumption of composite behav-
ior in a bridge designed noncompositely a questionable one.

An opinion that appears to be widely held by structural engi-
neers involved in the design or the rating of bridges is that
composite action will exist in a steel beam—concrete slab bridge
whether such action was provided for in the design of the
bridge or not. Bridge 4 in the Tennessee bridge tests (/) was
a steel girder bridge that was designed to act noncompositely
but that, in fact, acted compositely up to the load at which
yield in the steel girders would have occurred in the noncom-
posite bridge. This rather widely publicized result has con-
tributed to the widely held opinion just described. Unfortu-
nately, consideration of all available data does not permit the
drawing of a general conclusion in this regard.

PURPOSE AND SCOPE

The purpose of this paper is to review all available data on
unintended composite action in beam-and-slab highway bridges,
to investigate the factors that may influence the existence of
unintended composite action, and to make recommendations
concerning the consideration of this phenomenon that the
writers hope will prove useful to an engineer charged with
the task of determining the load capacity of bridges.

Although some discussion of tests performed on other types
of bridges is included, this paper is primarily concerned with
concrete slab-steel beam bridges designed and built with no
provision for composite action.

S. Suetoh, Impell Corporation, Lincolnshire, Ill. 60015. E.G. Bur-
dette, D.W. Goodpasture, and J.H. Deatherage. Department of Civil
Engineering, University of Tennessee, Knoxville, Tenn. 37966-2010.

REVIEW OF TESTS ON BEAM-AND-SLAB
BRIDGES

This section contains a review of tests done on beam-and-slab
bridge systems in which unintended composite action was
considered. For each test, the bridge is described briefly, and
the significant test results as related to unintended composite
action are presented. The names of the authors are given for
each case and the date when the test was performed is given
in brackets.

Burdette and Goodpasture [1970]

One of the four full-scale bridges that was tested to failure
by Burdette and Goodpasture (/) was a noncomposite, three-
span continuous, concrete slab-and-steel-beam bridge (des-
ignated Bridge 4). A 7-in. (17.8—cm) slab was supported by
four 27-in. (68.6—cm) steel rolled beams. The ultimate load
in the actual test was compared with the ultimate load com-
puted in a manner consistent with the AASHTO specifications
and with a theoretical ultimate load considering the entire
cross section as a wide beam.

Figure 1 shows the load-deflection curve for Bridge 4. The
computed load-deflection curve was first developed assuming
no composite action of the girders and bridge deck. Obser-
vation of the actual test and resulting strain data indicated
that a considerable degree of composite action did exist at
load levels approaching the load that would cause yielding of
the steel in the noncomposite bridge. The bond between steel
and concrete and the friction forces developed at the steel-
concrete interface were sufficient to develop forces that resulted
in composite action of the girders and deck. The average
shearing stress at the steel-concrete interface was approxi-
mately 230 psi (1586 kPa) at a load of 500 kips (2225 kN).
The load-deflection curve calculated on the basis of composite
action in the elastic range matched the measured data almost
perfectly up to a load near the capacity of the noncomposite
bridge.

Kissane [1985]

Full-scale laboratory and field testing was performed to deter-
mine the restraint to elastic buckling of a steel beam sup-
porting a noncomposite concrete deck (2). In the laboratory
testing, a reinforced concrete slab 6 in. (15.2 cm) thick was
placed on top of an American Standard Beam. Before the
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FIGURE 1 Comparison of measured and computed
load-deflection curves for Bridge 4 (1).

concrete slab was poured, the top flange of the beam was
sanded to remove mill scale and irregularities that could offer
mechanical restraint at the concrete-steel interface. The bare
metal surface of the flange was covered with a light oil to
prevent chemical bonding between the concrete and steel.

The ratio of compression to tension flange strain was used
as an indicator of composite behavior between the concrete
and steel. Experimental data show that there existed some
amount of composite behavior, which increased as higher
loads were applied. The amount of composite behavior trans-
lates to an approximately 10 percent increase in the bottom
flange section modulus above that for a noncomposite value.

Because mechanical and chemical bonds were inhibited
between the steel and concrete, the partial composite behav-
ior was attributed to friction between these components. As
higher loads were applied, there was an increase in friction
and pressure developed at the steel-concrete interface, thereby
permitting increased composite behavior.

A field test was also performed on a 146-ft (44.5—m) simple
span truss bridge built in 1924. Two identically loaded haul
trucks were used to load the bridge. Results showed that there
was a small change in neutral axis position from that of a
noncomposite section. However, the upward shift of 0.82 in.
(2.08 c¢m) in the neutral axis position was considered insig-
nificant because of the low magnitude of the measured stresses
and the approximately 300 psi (2068 kPa) experimental error
in the measurement. The author concluded that there was no
significant evidence of composite behavior between the steel
and concrete (2).

Bakht and Csagoly [1975]

An extensive diagnostic load test was undertaken (3) to detect
the sources of distress in the Perley Bridge, where in March
1973 a failure of the connecting angles of the girder-column
connection of a trestle span caused the span to drop a few
inches. One of the objectives of the diagnostic testing of the
trestle span was to determine the degree of composite action
that existed between the floor beams and the concrete deck
slab in the absence of shear connectors.
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Approximately 87 percent of the deck slab arca was sup-
ported by girders and trusses through the floor beams. The
test established that the composite action between the slab
and the floor beams varied from beam to beam and could not
be relied upon with certainty.

AASHO Road Test [1962]

The AASHO Boad Test:(4) included a study 8718 bedm=and-
slab bridges. Each bridge was a simple span structure con-
sisting of three beams and a reinforced concrete slab. 'lhe
beams spanned 50 ft (15.2 m). Ten of these bridges had wide-
flange, rolled-steel beams with or without cover plates. Two
of the 10 steel bridges were built compositely with shear con-
nectors, whereas the other 8 were noncomposite. The top
surfaces of the steel beams in the noncomposite bridges were
coated with a 1:4.43 mixture of graphite and linseed oil to
inhibit formation of bond. In composite bridges, the inter-
action hetween the slab and the steel beams was obtained
with 4-in. (10.2-cm), 7.25-1b (3.29-kg) channels 5.5 in. (14.0
cm) long welded to the top flanges.

In the design of the beams, two of the steel bridges were
assumed to have complete interaction between the slab and
the beams, whereas six of the bridges weré assumed to have
10 percent composite action to account for the effects of fric-
tion between the slab and the beams. No composite action
was assumed for the remaining two bridges in the design.

After the bridges had been tested with repeated stresses,
the actual locations of the neutral axes were determined from
strains measured on the bottom and top of beams at midspan,
assuming straight line strain distribution. In calculating the
theoretical location of the neutral axis, the compositely built
steel bridges were considered fully composite; for the other
steel bridges a complete absence of interaction between the
slab and the beams was assumed. Table 1 gives the distance
of the experimental location for all 30-mph runs within the
10-month observation period.

The difference between the measured and the theoretical
locations of the neutral axis was small, indicating that the
bridges with mechanical connectors were fully composite,
whereas the others had practically no composite action. The
moment-deflection diagrams also showed a much stiffer sec-

TABLE 1 DIFFERENCE BETWEEN EXPERIMENTAL AND
THEORETICAL LOCATION OF NEUTRAL AXIS (4)

Location of *

Bridge Neutral Axis (inch)
1A, NC 0.0

1B, NC +0.2

2A, NC +0.1

2B, C +0.2

3A, NC +0.2

3B, C -0.1

4A, NC +0.2

4B, NC -0.1

8A, NC +0.1

9B, NC 0.0

NC - Non-Composite, C - Composite
*Plus sign indicates position above theoretical
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tion for the composite beams; for example, Bridges 1A and
3B had beams of the same depth, but for a midspan moment
of 500 kip-ft (678 kN-m), the deflection at midspan for Bridge
1A was 2.2 in. (5.59 cm), whereas Bridge 3B had only 0.6 in.
(1.52 cm) of deflection. The report concluded that there was
no composite action present for the bridges with no shear
connectors.

Thomas [1949]

A 1:3 scale model of a bridge deck system was tested to
determine the extent of lateral load distribution of the system
and the extent to which the steel joists and the concrete slab
acted together in resisting the induced bending moments (5).
The model consisted of a reinforced-concrete deck 3 in. (7.62
cm) thick supported on six standard 8-in. (20.3-cm) by 4-in.
(10.2-cm) longitudinal steel beams spaced at 3-ft (0.914-m)
centers. The slab was cast independently of the steel joist
system to minimize bond induced by construction methods.

Load was applied to the model by means of a hydraulic
jack. The tests were made in three stages: load applied to the
slab in its uncracked condition, load applied to the slab after
it had been systematically cracked, and final loading to failure.

For the test on the uncracked model, a comparative study
of the strains measured in the upper and lower flanges of the
beams showed that some partial composite action existed
between the beams and the slab. The effect was more pro-
nounced for beams near the load, suggesting that composite
action was primarily due to friction between the slab and the
flanges of the beams. For the test on the cracked model, a
study of strain measurements indicated that there was slightly
less composite action between the beams and the slab as a
result of cracking. The slab failed by punching shear at a load
of 45.1 kips (201 kN). The author concluded that shear con-
nectors should be used if full allowance of composite action
is to be made.

Siess and Viest [1945]

Laboratory tests were made on three 1:4 scale models of
continuous right I-beam bridges (6). Each structure was a
two-span right bridge consisting of five steel beams supporting
a reinforced-concrete slab. The bridges were labeled N30,
C30, and X30. Bridge N30 was a noncomposite bridge, Bridge
C30 had shear connectors welded to the top flanges of the
I-beams at regular intervals throughout the full length of the
bridge, and Bridge X30 had no shear connectors in the neg-
ative moment region in the vicinity of the center pier. The
top flanges of the beams for Bridge N30 were covered with
a coating of wax to prevent a bond between the slab and the
beams. For Bridges C30 and X30, the top surfaces of the
beams were left in the as-rolled condition. All tests were made
with one, two, or four pairs of concentrated loads simulating
the rear-axle loads of one or more trucks.

For the test on Bridge N30, it was observed that the bottom
and top flange strains were practically equal for applied loads
at midspan, an indication that there was no interaction between
the slab and the beams. The test data are also in agreement
with the calculated values. For the test on Bridges C30 and
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X30, observation of strain data indicated the presence of com-
posite action for both bridges as expected. Bridges X30 and
C30 failed ultimately by punching of the slabs at a load of
10.4 kips (46.3 kN), and Bridge N30 failed by buckling of the
beams at a load of 8.49 kips (37.8 kN), even though Bridge
N30 had larger beams. On the basis of the test results, it was
concluded that the behavior of Bridge N30 was that of a truly
noncomposite structure, and Bridges X30 and C30 acted like
composite structures.

Tharmabala [1984]

A structural evaluation and load test studies were performed
(7) on the Flack River Bridge, which consists of pony trusses
spanning 70 ft (21.3 m) with a concrete deck cast over stringers
and floor beams. Two heavily loaded trucks were used to
induce member forces to reach ultimate limit states defined
by the Ontario Highway Bridge Design Code (OHBDC). The
stringer moments were calculated using measured strains on
the bottom flange and both composite and noncomposite sec-
tion properties. These moments were compared with the the-
oretical moments using grid analysis. Although the deck is of
noncomposite construction, it was observed that the moments
obtained with composite section properties were closer to the
theoretical moment graphs. Therefore, it was concluded that
the deck behaved in a partially composite mode under the
applied loads.

Patel [1984]

A structural evaluation and live load test were performed (8)
on the Irvine Creek Bridge, which is a two-lane steel truss
bridge with a sidewalk and two identical steel trusses spanning
104 ft (31.7 m) over Irvine Creek. Two heavily loaded trucks
were used for vehicular test loading. The stringer moments
were calculated using grillage analysis of the deck under applied
loading. Plots were made of corresponding test moments cal-
culated using measured strains with composite and noncom-
posite section properties of the stringers versus theoretical
stringer moments.

It was observed that the graphs for the theoretical moment
values lay between the graphs of the moments calculated using
the fully composite and noncomposite section properties, indi-
cating that the stringer sections were acting partially com-
posite with the concrete deck. From the strain data on the
floor beams, it was observed that for each loading case the
floor beam moments obtained from grid analysis compared
very well with the measured moments using composite section
properties. Even though the steel floor beams were built to
be noncomposite with the concrete deck, they were found to
act compositely because they carried higher applied loads than
the steel beams could have carried by themselves.

REVIEW OF TESTS ON INDIVIDUAL BEAM-AND-
SLAB SYSTEMS

This section contains a review of tests done on beam-and-slab
systems in which unintended composite action was observed.
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These tests are reviewed separately from those in the pre-
ceding section because the tests reported here deal with a
single beam and slab as opposed to a multi-beam-and-slab
bridge system. A brief description of the test and the test
results are presented for each case.

Viest et al. [1948]

Four composite steel-and-concrete T-beams with channel shear
connectors were tested on simple spans of 37.5 tt (11.4 m) by
applying single concentrated loads at the center line and at
other points (9). In three of the beams tested, provision was
made during construction to prevent bonding between the
slab and the steel beam to better observe the behavior of the
shear connectors. However, one beam was allowed to develop
natural bond in order to determine the effectiveness of bond
in transmitting horizontal shear. The results of the first test
made with this beam revealed the presence of bond. Only
after 11 repetitions of a load of 40 kips (178 kN) was the bond
broken. The test results showed that as long as bond was
present, it proved to be an effective shear connection. Before
bond was broken, there was practically no slip between the
slab and the beam. The bond withstood a load equal to 1.7
times the design live load, corresponding to a shearing stress
of 112 psi (772 kPa). The bond broke after the same load was
applied 11 times. However, the researchers believed that if
the static load had been increased instead of repeated, at loads
approaching ultimate, large deformational bond stresses at
the concrete-steel interface would have caused bond failure.
Further, they noted that shrinkage and warping of the slab
as well as dynamic loading might destroy the bond even at
working loads. It was concluded by the researchers that even
though bond is a very good shear connection, it may also be
an unreliable one.

Viest [1960]

A review of research on composite steel-concrete beams was
done by Viest (10) on all tests carried out in the period between
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1920 and 1958. Tests of specimens with and without mechan-
ical shear connectors were summarized and briefly described.
Practically every test that was done led to the conclusion that
so long as bond between the concrete and the steel was not
definitely broken, complete interaction between the slab and
the beam could be assumed. Bond strengths between 400 and
500 psi (2758 and 3448 kPa) were observed in some of the
tests. However, it should be noted that most of these tests
were pull-out tests on steel beams fully encased in concrete.

One of the first American tests was performed by Caughey.
On the basis of his test results and tests published before
1929, he recommended an allowable bond stress of 0.03f..
Viest recommended an allowable bond stress of 60 psi (414
kPa) when the steel beam was fully encased and 50 psi (345
kPa) when the steel beam was only partially encased.

Bryson and Mathey [1962]

An extensive test of bond between concrete and steel beams
was performed by the National Bureau of Standards (11).
Wide-flange structural steel beams with different surface con-
ditions were embedded in concrete and subjected to push-out
tests to determine the effect of surface condition on the bond
between concrete and steel. Three types of surface conditions
were studied: normal rust and mill scale, sandblasted and
allowed to rust, and freshly sandblasted. Three push-out spec-
imens for each surface condition were constructed. The spec-
imens were either W 14 X 30 or W 14 X 34 steel sections
embedded in 2 ft (61.0 cm) of concrete. The bonded area of
the steel beam was limited to the surface of the flanges.

A summary of the test results is shown in Table 2. The
results indicated a considerable difference in ultimate strength
of the bonds. However, at low values of slip, bond stress was
not greatly affected.

SUMMARY

Test reports summarized in this paper have shown that the
existence of natural or chemical bond is the single most impor-

TABLE 2 SUMMARY OF TEST RESULTS (11)

Maximum Free end slip

Specimen Si'c:ie;n CS;:;?&: - bon% :}ress, at mia:cirr:\um,
SB-1 14 WF 34 freshly 420 0.015

sandblasted
SB-2 14 WF 30 b 474 0.008
SB-3 14 WF 34 * 470 0.006
Avg. 45s 0.010
R-1 14 WF 30 sandblasted and 508 0.020
allowed to rust
R-2 14 WF 34 o 403 0.018
R-3 14 WF 34 ks 486 0.007
Avg. 466 0.015
N-1 14 WF 30 Normal rust and 310 0.003
mill scale

N-2 14 WF 34 o 355 0.012
N-3 14 WF 30 = 287 0.002
Avg. 317 0.006
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tant factor in determining whether a noncompositely built
beam-and-slab system can be counted on to act compositely.
Every reported test, be it full-scale or model, in which bond
between the steel and concrete interface was prevented resulted
in noncomposite behavior, with the exception of the labo-
ratory test that was reported by Kissane. Caughey and Viest,
Fountain, and Singleton suggested allowable design bond
stresses of 0.03f. and 50 psi (345 kPa), respectively. Though
not quantitatively stated, a large factor of safety was implied
in all design stresses. In the full-scale tests by Viest et al. (9)
at Illinois, the beam in which bond was not broken experi-
enced full composite action at the maximum design load of
1.7 times the live load. The bond failed after 11 repetitions
of the load. A horizontal shear stress of 112 psi (772 kPa) was
resisted by bond at this loading.

Even though bond has been shown to be very effective in
transmitting horizontal shear, it is also unreliable, because it
is sensitive to fatigue loading, shrinkage, thermal stresses, and
impact. There is also the possibility of physical separation of
the concrete slab and the steel beam because of uplift forces
generated along the beam by certain dispositions of the live
load. These uplift forces may also contribute to the rapid
deterioration of the natural bond at the steel-concrete inter-
face. It was also stated by Viest et al. that shrinkage and
warping of the slab as well as dynamic loading may destroy
the bond even at working loads.

Tests have also shown that composite action could be induced
by friction. However, the amount of friction that translates
into a certain degree of composite action varies from one
bridge to another depending on the weight of the deck slab,
the magnitude of the load, and the surface roughness of the
steel-concrete interface.

From the data obtained in the tests reviewed herein, it
appears that even though certain beam-and-slab bridge sys-
tems have demonstrated the ability to act compositely without
the use of mechanical shear connectors, the degree to which
composite action can be counted on is very difficult to quantify
because of the variables just discussed.

CONCLUSIONS

The work described in this paper leads to the following con-
clusions, which are presented in the form of statements that
may be useful to a bridge engineer charged with calculating
the capacity of a bridge.

First, composite action in a bridge designed to act noncom-
positely cannot be counted on to increase the load capacity
of a bridge significantly if that capacity is defined as the load
producing first yield of tensile steel. In Tennessee Bridge 4
the load capacity was simply the sum of the capacities of the
four steel girders. The path from zero load to yield, on the
other hand, was significantly affected by the presence of com-
posite action. The bridge was effectively much stiffer than
that calculated on the basis of noncomposite behavior; thus,
at any load level below yield, the deflection was much less
than that calculated. This behavior relates also to stresses: it
follows that the stress in the steel girders at any load below
yield in Tennessee Bridge 4 was less than that calculated on
the basis of noncomposite behavior. Therefore, even though
unintended composite action does not appreciably enhance
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load capacity, in the process of altering the behavior of a
bridge in the elastic range, it does reduce the stress in the
girders at any load level. This reduction in stress for a given
load may very well prove to be of significant benefit to a
bridge engineer concerned with bridge load capacity.
Second, the discussion just presented was based on the
existence of unintended composite action like that found in
Tennessee Bridge 4. In fact, the work presented in this paper
leads to the conclusion that composite behavior in a bridge
designed with no provision for composite action may or may
not occur. In some cases the practical and conservative approach
is to disregard any potential unintended composite behavior.
For the cases in which such an assumption leads to calculated
stress levels for certain required loads that are larger than
those permitted, further investigation to verify the presence
of composite action may be justified. Such an investigation
would logically begin with an inspection of the bridge by an
experienced bridge engineer—an inspection that would include
visual observation of the beam-slab interface as truck traffic
goes over the bridge. Details of construction should be observed;
for example, encasement of the top flanges of the steel girders
would increase the probability of composite action. This inves-
tigation may very well prove to be inconclusive. In such a
case the next step might be to load the bridge statically with
a heavily loaded truck of known dimensions and weight and
to measure deflections of the bridge at selected points. Com-
parison of the measured deflections with deflections calcu-
lated on the basis of both noncomposite and composite action
should shed considerable light on the question of whether the
bridge is behaving compositely or noncompositely. If com-
posite action is found to exist, this behavior can be considered
in the calculation of stresses at various load levels below that
used in the test. However, the possibility of sudden slippage
at loads greater than the test load makes the assumption of
composite action at higher load levels questionable.
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Revitalization of a Suite of Bridge

Analysis Codes

PaurL N. ROSCHKE AND SAYED AFTAB

Five bridge analysis codes, which formerly ran only on main-
frames and minicomputers, have been enhanced and converted
to the microcomputer environment. Refinements include color
pre- and postprocessing graphics, panel-oriented input, help and
error trapping functions, and an improved user interface. Bridge
applications include linear-elastic analysis of beam columns sub-
jected to movable loads, linear and nonlinear frame analyses, and
analysis of bent caps and continuous beams. Seamless integration
of coded modules is performed so that existing mainframe pro-
grams become subroutines to the new microcomputer codes.
However, no other modifications are made to the analysis codes
to ensure avoidance of new error sources and rapid harmoniza-
tion.

A large number and variety of mainframe computer programs
are in current use by bridge engineers for analysis and design
of structures. State highway departments typically have a large
library of FORTRAN codes that were each written for a
special purpose. Although these codes perform their intended
analytical functions, most were written without programming
enhancements, such as color graphics, which can simplify data
input at the preprocessing stage and graphically summarize
output. Engineers currently must sift through large quantities
of numerical data in order to interpret results. Other than
painstakingly ““checking” by hand, no facile means of veri-
fying geometry, materials, and support locations is available
to an analyst before execution of the code.

The primary purpose of this effort is to use currently avail-
able microcomputer hardware and software to enhance exist-
ing mainframe analysis programs toward optimum usefulness
for design engineers. Not only are the analysis programs exe-
cutable at the engineer’s own desk, but panel input and graph-
ics capabilities allow error checking before the more time-
consuming analysis code is executed. Every effort is made to
leave the current analysis program unmodified so that new
error sources are not introduced. As a general method of
approach, languages and routines that are within the main-
stream of engineering and scientific computation are employed.
FORTRAN 77 is used as the primary language for new code
development.

CODING PHILOSOPHY AND ORGANIZATION

The primary objective of this study is to provide generic pre-
and postprocessing codes that can be quickly modified to suit
different programs. As a consequence, each program is struc-

Texas Transportation Institute, Texas A&M University, College Sta-
tion, Tex. 77843-3136.

tured to be modular, with each of six modules operating com-
pletely independent of the others. All modules are integrated
using a main program that provides the end-user control over
the entire process by means of a master menu structure (see
Figure 1). The generality and stand-alone nature of these
modules make conversions of new codes a relatively simple
task. Altogether, five analysis codes have been updated. One
code was completed during the first year, and the remaining
four codes were converted in the second year of a 2-year
effort.

Analysis codes treating a variety of commonly used bridge
components, including beam columns, bent caps, continuous
beams, and linear and nonlinear frames, were converted to
the new environment. BMCOLS51 performs finite-element
simulation of a linearly elastic beam column whose flexural
stiffness may vary along the length and is subjected to fixed
and movable loads (7). Frame analysis capabilities are pro-
vided through FRAME11 and FRAMES] (2,3). FRAMES1
considers geometric, material, and support nonlinearities of
statically loaded plane frames, whereas FRAME11 provides
a linear-elastic finite-element solution for the same structure.
In both frame codes alphanumeric and graphical results are
available for axial, lateral, and rotational displacements as
well as for axial, shear, and moment functions. Linear-elastic
analysis of a bent cap subjected to fixed and movable loads
applied according to AASHTO lane loading requirements is
carried out by CAP18 (4,5). B30 (6) analyzes composite and
noncomposite beams with P-loads. In all cases graphical post-
processing similar to that shown in Figure 2 is provided.

The engineer, as user, makes selections from pull-down
menu structures according to the task to be accomplished. In

Flle Editsinput Frevlew T Alphanumeric  Graphical
Information Data _ _lvaphics finalysis Besulte Hesults

Change mput Flle
Chnnﬁe ! roblem Number
isplay IDs User-Friendly PC Version
ult program BMCOLS1

A Computer Program To Analyze
Beam-Columns Under Movable loads

Copyrlght {c) 1988,

Texas Transportation Instltute
All Rights Reserved.

Version 69,13.89

File Iofocmbion
aaprent Iapnt File PROE. DAT

Ciereat Untpout File @ PROBOUT
Currewl Froblem b 1

LF31) = Change problem number

FIGURE 1 Main menu and screen layout.



96

ENUELOPES DF MOXIHMIM HOMENI
PRESS [ESC) KEY TO EMIT L, HMAX POSITIVE ———
PRESS [F2] KEY FOK PLOI

MAY UALUE- 8.433E+@6
B MAX NEGATILVE IMIN UALUE--1, B56E+87

2.8EUY

=2, WE+7

| PROB #
I | TWO SPAN GIRDER. RAILROAD LOADING

FIGURE 2 Envelope of maximum moment.

the current microcomputer version the input and output files
are identical with those of the mainframe version, which allows
interchange of ASCII files between microcomputer and main-
frame, should that be desirable. Approximately 10,000 to
15,000 lines of new code are added to each of the existing
analysis codes. By means of overlays, execution size is always
below 600 kilobytes.

CONCLUSION

Five user-oriented analysis packages that are in constant use
by the Texas State Department of Highways and Public Trans-
portation have been updated to significantly reduce input
preparation time for initial runs as well as to simplify modi-
fication procedures to the data file for additional trial runs.
Graphics pre- and postprocessors enable the bridge analyst
to quickly detect obvious errors or omissions in data files and
facilitate understanding of the output. Hard-copy output from
a microcomputer convenicntly located at the designer’s local
workstation encourages consideration of alternative structural

TRANSPORTATION RESEARCH RECORD 1275

designs. The modular approach taken for coding organization
can be readily applied to other codes in need of enhancement.
A diskette containing executable code and a sample input
file as well as documentation for each program can be obtained
from the Communications Division, Texas Transportation
Institute, Texas A&M University, College Station, Texas.
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