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Foreword 

The 26 papers in this Record cover material and soil testing and concerns related to pavement 
design and foundation design for transportation facilities. The papers should interest highway, 
geotechnical, and foundation engineers. 

Aggregates constitute 95 percent of all construction materials used in pavements . Therefore, 
the quality of the aggregate is important in ensuring longevity of the product. Past testing 
and evaluation of aggregate or aggregate layers has been of a static nature. In most highway 
applications aggregate layers are subjected to repeated dynamic loadings. Six researchers 
discuss dynamic testing of aggregates and determination of the shape of aggregate particles. 
Qedan et al. evaluate a sample preparation method that uses dynamic testing equipment for 
compaction. Their evaluation included consideration of number of layers, compaction time, 
vibration frequency, and fines and moisture content of material that contained aggregate with 
a maximum size of l 1/2 in. and 4 to 12 percent fines. The authors conclude that materials 
with low fines content are less sensitive to moisture and generally provide improved granular 
base performance. Drnevich et al. use deflection-basin measurement and surface wave prop
agation methods to determine the resilient modulus of pavement layers. They indicate that 
the surface wave method gives better results than the deflection basin method. Woolstrum 
presents the results of resilient modulus testing of field samples from Nebraska and compares 
them with other parameters. He concludes that the Nebraska Group Index Soil Classification 
could be used to estimate the resilient modulus. Bathurst and Raymond investigate aggregates 
of varying resistance to fracture and abrasion. They found that good-quality aggregate endures 
1,000 times as many loadings as poor-quality aggregate for the same magnitude of permanent 
deformation. Carr et al. use fractal dimensions to express the surface roughness of aggregate 
particles . In general , rough, irregular aggregate particles yield greater fractal dimensions. 

Nine authors address concerns that are related to pavement design criteria, subgrade 
behavior under repeated loads analysis and design of deep foundations, in situ soil testing 
and evaluation, shear strength of peat soils, and soil reinforcement interaction. Claros et al., 
and Stokoe et al. describe modifications to the AASHTO resilient modulus testing procedure 
and the use of synthetic samples for equipment evaluation and calibration. Raad and Zeid 
report on the development of a model and its application to investigate the effects of load 
repetition on subgrade modulus and shear strength. Zachary and Lohnes describe a new 
confined compression tester that measures wall friction along with vertical and horizontal 
stresses. Stark and Delashaw use triaxial and cone penetration test (CPT) results to develop 
correlations between undrained shear strength and CPT results in soft to medium alluvial 
clays. Thompson and Smith report the results of an evaluation of the effect of a decrease in 
fines content on the pertinent engineering properties of typical well-graded granular base 
materials. Kramer et al. describe the use of an instrumented pile lateral load test for evaluation 
of strength and stiffness characteristics of a peat deposit. Wilson et al. describe a unique low
pressure multiaxial device that they used to test resilient behavior of subgrade soils. Yuan 
and Chua focus on the soil-reinforcement interaction. They show that the nonlinear interface 
shear parameters obtained from direct shear tests can accurately predict pullout resistance. 

The economic design of foundations f~r transportation facilities is dependent on the accu
racy of the assessment of the horizontal stress throughout the soil profile. Insertion of the 
devices used to measure the horizontal stress alters these very stresses. The remaining papers 
describe a broad spectrum of field and laboratory investigations conducted in five countries 
to understand better the relationship between measured parameters and existing stresses. 
Handy et al. present a review of the K0 stepped blade and how to use the predicted lateral 
stresses to make inferences on consolidation state, inadequate compaction, and potential 
slope instability. Lawter and Borden examine the amplification factor (KD/K0 ) as a function 
of both relative density and state parameter on the basis of the results of dilatometer tests 
in sand in a calibration chamber. They present test data on three normally consolidated sands. 
Mayne and Kulhawy, using self-boring pressuremeter test results, demonstrate that stress 

vii 



history is a predominant factor affecting the magnitude of the lateral stress. They propose a 
simplified cavity expansion approach for obtaining indirect assessments of K 0 from cone, 
piezocone, and dilatometer tests. Benoit et al. compare lateral stress results from self-boring 
pressuremeter and dilatometer tests in soft sensitive clays. They found dilatometer dissipation 
test results to be in close agreement with the maximum values measured with the self-boring 
pressuremeter. Huang and Haefele describe self-boring pressuremeter, self-boring lateral 
stress cell, and dilatometer tests in marine clays. They discuss the influence of soil stiffness, 
disturbance, and strain path on the measured lateral stress. Sully and Campanella describe 
use of full displacement probes for estimation of lateral stress in cohesive soils. They evaluate 
test data from total stress cells, dilatometer, lateral stress piezocone, and seismic cone pres
suremeter. Rankka presents data on a study of the lateral stress distribution in slopes in soft 
clay. She compares in situ measurements with pressure cells and dilatometer tests with those 
obtained by Janbu's generalized method of slices and found them to be in reasonably good 
agreement. Lunne et al. propose a new correlation between the dilatometer parameter K0 

and K 0 for young clays based on a data base containing information from research sites in 
Norway and the United Kingdom. Lutenegger presents a comparison of dilatometer, full
displacement pressuremeter, hydraulic fracture, and pre bored pressuremeter techniques used 
to determine in situ lateral stress in a dense, glacial till. Juran and Mahmoodzadegan discuss 
the use of a hollow cylinder cell for the measurement of lateral stress and excess pore water 
pressure induced by cavity expansion in both clayey and granular soils. The application of 
these test data to the interpretation of pressuremeter test results is discussed. Campanella et 
al. describe a lateral stress piezocone developed at the University of British Columbia. On 
the basis of laboratory and field investigations, they indicate that the lateral stresses measured 
with this device are dependent on, inter alia, the existing horizontal stress, the in situ state 
of sand, and its grain characteristics. 

viii 
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Preparation of Aggregate Samples for 
Dynamic Testing 

BASHAR A. QEDAN, ROBERT P. ELLIOTT, SAM I. THORNTON, AND 

MARK Kuss 

A compaction device was developed that permits aggregate sam
ples to be compacted by using the dynamic test equipment. Use 
of the device eliminates the need to move the specimen after it 
has been prepared. Tests were conducted to establish compaction 
procedures and to determine whether specimens compacted with 
the device experienced moisture or fines migration. The tests 
demonstrated that the method can be used to compact dense
graded aggregate materials to the modified Proctor (AASHTO 
T 180) maximum density without creating segregation or moisture 
migration. However, fines and moisture migration were observed 
when dry material and material significantly wetter than optimum 
were used. Recommendations are presented for preparing sam
ples for dynamic testing using the device developed. Also included 
is an engineering drawing of the compaction device. 

Aggregate samples for dynamic testing (i.e., resilient modulus 
and rapid shear strength) are normally compacted by vibra
tory methods. Typically, this involves the use of a small vibra
tory hammer equipped with a flat, cylindrical compaction 
head that fits within the compaction mold. The sample is 
compacted with the mold assembled on the triaxial cell base 
plate (Figure 1). After the sample is compacted, it is necessary 
to move the sample and base plate to the test machine. 

DEVELOPMENT OF METHOD 

The University of Arkansas, Department of Civil Engineer
ing, developed an alternate method of sample preparation. 
The development was instigated because the department did 
not have the type of vibratory compaction equipment nor
mally used. Also, the researchers wished to eliminate the need 
to move the sample after it was compacted. Therefore, this 
alternate method involves compacting the specimen by using 
dynamic test equipment. 

Dynamic test equipment is a closed loop, hydraulic cyclic 
loading machine manufactured by MTS Systems Corporation, 
Minneapolis, Minnesota. The initial development attempt 
involved mounting a flat, cylindrical compaction head on the 
MTS load piston and then applying a vibratory force in essen
tially the same manner as was normally used with the vibratory 
hammer. However, several attempts with this approach by 
using various vibration frequencies failed to produce the tar
get sample density. The target sample density was the max-

B. A. Qedan, Arkansas State Highway and Transportation Depart
ment, P.O. Box 2261, Little Rock, Ark. 72203. R. P. Elliott, S. I. 
Thornton, and M. Kuss, University of Arkansas, Fayetteville, Ark. 
72701. 

imum density determined by the modified Proctor test, 
AASHTO T 180 (1). 

Subsequently, a modified compaction head (Figure 2) was 
developed that is able to produce the target density. The 
modification consists of attaching a %-in. square bar across 
the diameter of the compaction head and then inserting a 
spring in the loading shaft. During compaction, the head is 
manually rotated. The square bar provides a concentration 
of the compactive effort and, during rotation, causes a reo
rientation of the aggregate particles. Although the bar pro
trudes into the top of the material during compaction, a uni
form top surface is achieved by gradually raising and rotating 
the compaction head at the conclusion of compaction so that 
the bar "finishes" the surface during the final rotations. 

The compaction head is mounted on the MTS loading shaft 
(Figure 3) in place of the load cell. The system is operated 
in strain control with the applied load limited by the maximum 
shaft movement and the spring in the compaction head. By 
using the strain control setting the maximum shaft movement 
is limited to 0.7 in. (18 mm). The head position is adjusted 
during compaction so that it lifts slightly above the aggregate 
at the top of each stroke to permit the manual rotation. As 
a result, the load spring is typically compressed between 0.4 
and 0.5 in. (10 to 13 mm) during each compaction stroke. 

It was determined through trial and error that the target 
density in a layer could be achieved by the MTS system being 
operated at a loading frequency of 10 Hz for 2 min. Five 
compaction layers were used for the 6-in. (152 mm) diameter 
by 12-in. (305 mm) high samples of crushed stone. Some 
adjustment in the time and frequency of loading may be 
necessary for other aggregates. 

TESTING PROGRAM 

Once a method had been established that produced the desired 
density, questions remained regarding the efficiency of the 
method and the uniformity of the resulting sample. Opera
tional concerns involved the number of compaction layers, 
the vibrational frequency, and the compaction time. The uni
formity concerns centered around potential problems of mois
ture and fines migration during compaction. A testing program 
was conducted to answer those concerns (2). 

The measures of effectiveness used in the testing program 
were the achieved dry density and the migration of fines and 
moisture. The compacted samples were divided into top and 
bottom halves to check for fines and moisture migration. Each 
half was dried for moisture content and sieved for fines con-
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FIGURE 1 Vibratory compaction configuration from AASHTO T 180 (1). 

tent. The ratios of top to bottom half contents provided a 
measure of migration. 

The material used in the testing program was a dense-graded 
crushed limestone base material with the fraction larger than 
0.75 in. (19 mm) replaced by material smaller than 0.75 in. 
(19 mm) but larger than the No. 4 (4.75 mm) sieve. Figure 4 
presents a grain size curve of the gradation used in the testing. 
The laboratory maximum density and optimum moisture con
tent for this material was 133 pcf (2130 kg/m3) and 7 .5 percent, 
respectively. The aggregate was sieved into five size fractions 
and recombined for each layer to the proper gradation and 
moisture content to ensure uniformity of the material for each 
compaction layer. 

Number of Layers 

To examine the possibility of using fewer compaction layers 
samples were prepared by using one, three, and five layers. 
The material for each layer was prepared to the proper gradation 
and the optimum moisture content. 

The density of each layer was monitored by checking the 
compacted thickness. For the one- and three-layer samples, 
the compaction time per lift was increased to more than 2 
min in an effort to achieve the target density. Nevertheless, 
the target density was not achieved for those specimens. The 
dry densities achieved were 121.9 pcf (1953 kg/m3

) for one 
layer, 123.5 pcf (1978 kg/m3

) for three layers, and 133.9 pcf 
(2145 kg/m3

) for five layers. 
In addition to low density, the one-layer sample also showed 

serious moisture and fines migration (Figures 5 and 6). There 
was no evidence of significant migration for the three- and 
five-layer samples. 

Compaction Time 

Samples were prepared by using total compaction times of 6 
min. per layer to investigate the significance of compaction 
time. The layer and sample thicknesses were checked period
ically during compaction. There was no significant decrease 
in layer and sample thickness (i.e., increase in density) after 
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FIGURE 2 Engineering drawing of compaction device. 

the first 2 min. Therefore, sample density for the aggregate 
tested is not significantly increased by using compaction times 
greater than 2 min per layer. 

Vibration Frequency 

The 10-Hz vibration frequency was selected through trial and 
error. To check whether other frequencies might be used, 
samples were prepared by using 5, 10, and 30 Hz. The target 
density could not be achieved except at the 10-Hz frequency. 

Fines Content 

Tests were also conducted to determine the effect of varying 
the fines and moisture content. The effect on fines and moisture 
migration was the primary interest in those tests. 

To investigate the effect of fines content, samples were 
prepared with fines contents (percent passing the No. 200 
sieve) of 3, 6, and 10 percent. The other gradation percentages 
were unchanged, and the moisture content was held at 7.5 
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percent. The samples were prepared by using five layers, 2 
min of compaction per layer, and a 10-Hz vibration frequency . 

The densities achieved were 122.0 pcf (1954 kg/m3
) at 3 

percent fines, 133.9 pcf (2145 kg/m3) at 6 percent fines, and 
134.8 pcf (2159 kg/m3) at 10 percent fines. None of the samples 
showed evidence of significant moisture or fines migration 
(Figures 7 and 8). 

Moisture Content 

Similar tests were conducted to examine the effect of moisture 
content . Three samples were prepared by using the normal 
gradation (Figure 4) and moisture contents of 0, 5, 7 .5, and 
10 percent. The samples were prepared by using five layers , 
2 min of compaction per layer, and a 10-Hz vibration frequency. 

The sample densities were found to increase when moisture 
content increased. The dry densities achieved were 124.5 pcf 
at 0 percent moisture, 128.1 pcf (2052 kg/m3

) at 5 percent 
moisture, 133.9 pcf (2145 kg/m3) at 7.5 percent moisture, and 
136.4 pcf (2185 kg/m3

) at 10 percent moisture. Fines migration 
was found in both the 0 and the 10 percent moisture content 
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FIGURE 3 Compaction device mounted on MTS. 
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samples (Figure 9) . The fines migrated to the bottom in the 
0 percent sample and to the top in the 10 percent sample. 
The 10 percent fines sample showed a corresponding migra
tion of moisture (Figure 10). There was no evidence of fines 
or moisture migration for the 5 and 7.5 percent moisture 
content samples. 
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FIGURE 6 Moisture migration results for 1, 3, and 5 layers. 

One additional sample was prepared to examine the com
bined effect of low fines content (3 percent) and high moisture 
(10 percent). This sample also experienced fines and moisture 
migration (Figures 9 and 10) . Interestingly , however, the fines 
and moisture migrated to the bottom in the low fines sample, 
opposite to the direction in the normal gradation sample ( 6 
percent fines) . 

CONCLUSIONS 

An alternate method for preparation of aggregate samples 
for dynamic testing has been developed. The method allows 
the sample to be prepared by using the dynamic test equip
ment , thus eliminating the need to move the sample after it 
1s prepared. Visual examination of samples prepared by using 
the method showed the samples to be uniform . 



Qedan et al. 

0 
i== 
<{ 

1. 20 

a::: 0.80 

<.n 
w 
z 
LL 

0 

0 J 6 9 
FINES CONTENT, percent 

FIGURE 7 Fines migration for samples with 
varying fines content. 

2 1.20 
0 
I-
I-
0 
m 
"-.. 
a_ 

0 1 00 I- . 
0 

0 
I-
<{ 
a::: 
w 0 ,80 
a::: 
:J 
I-
<.n 
0 
2 

0 .60 

12 

0 J 6 9 12 
FINES CONTENT, percent 
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A small test program confirmed that the method can com
pact dense-graded aggregate materials to densities equivalent 
to the AASHTO T 180 maximum density without creating 
segregation or moisture migration. However, when dry mate
rials were used, problems were experienced in achieving the 
target density and fines migration was observed. Fines and 
moisture migration were also observed when the method was 
used with materials significantly wetter (10 percent versus 7.5 
percent) than the optimum moisture content. 

RECOMMENDED COMPACTION METHOD 

What follows is the recommended method for preparing. 
6-in .-diameter by 12-in. high aggregate samples by using the 
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FIGURE 9 Fines migration at various moisture contents. 
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FIGURE 10 Moisture migration at various moisture contents. 

compaction head developed at the University of Arkansas 
(Figures 2 and 3). 

1. Determine the total amount of material needed on the 
basis of target density . 

2. Weigh out and mix the proper amount of aggregate and 
water. To prevent fines and moisture migration, the moisture 
content should be from 2 percent below to 1 percent above 
optimum. 

3. Compact the sample in five layers of equal thickness (2.4 
in., 61 mm). The amount of material placed in the mold should 
be one-fifth the total amount needed for the sample on the 
basis of target density . 

4. Mount the compaction head on the loading shaft of the 
dynamic test device. 
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5. Set the test device strain controls such that the maximum 
shaft movement is 0.7 in. (18 mm). 

6. Set the operational frequency at 10 Hz. (Note: The test 
program used to develop the procedure was tried with fre
quencies of 5, 10, and 30 Hz. The target density could not be 
achieved except at 10 Hz. In some subsequent work, fre
quencies of 11 and 12 Hz were found to improve the compaction 
of some aggregates.) 

7. For each sample layer, place the material in the mold 
and lower the compaction head so that the bar just touches 
the material. 

8. During compaction, maintain the compaction head so 
that the head lifts slightly above the aggregate at the top of 
each vibrational stroke while manually rotating the load shaft 
(approximately 6 rpm) so as to rotate the compaction head. 

9. Compact each layer for 2 min or until the appropriate 
layer height has been achieved. (Note: The test program used 
to develop the procedure was tried with only one aggregate. 
Although other aggregates have been compacted successfully 
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in 2 min, some adjustment of the 2-min time may be necessary 
for other aggregates.) 

10. To achieve a finished top surface, slowly raise the com
paction head at the conclusion of the compaction time while 
continuing to operate and rotate the head. This should be 
done for the final layer and for any other layer for which the 
sample height is to be measured. 

11. Measure the sample height by using the top of the mold 
as a point of reference to check the density achieved. 
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Repeated Triaxial Characterization of 
Granular Bases 

M. R. THOMPSON AND K. L. SMITH 

Granular bases are utilized extensively in Illinoi flexible pave
ment construction. Typically, the granular materials are dense 
graded with a maximum size of 1.5 in. and 4 to 12 perce.nt pa ing 
the No. 200 sieve (fines). The Illinois specification gradation d -
ignation is CA-6. More "open-graded'" granular materials with 
reduced fines content are le ·s moi turc seDsi tive and generally 
provide improved granular base performance. ln recogniti n o 
those factor , an additional granular ba e cour e gradation 
( M-06) ha been propo~ed. The curren1 A-6 and the propo ed 
CM-06 gradation limit only differ in the permissible amount 
passing the No. 200 sieve. The CM-06 limits are 2 percent ± 2 
percent, and the A-6 limits are 8 percent ± 4 perc 111. As part 
of an overall evaluation of the prop sect gradation modification, 
a comprehensive triaxial res ting program (repeated loading and 
rapid hear strength te ts) wa conducted to establish the perti
nent properties [resilient modulu. permanent deformation accu
mulation with loading repetiti n , and shear strength character
istics (cohesion and friction angle)] of typical crushed tones, 
cru hed gravel , and gravels meeting CA-6 i111d M-06 gradation 
requirements. even materials were included in the program. 
Result of the testiog program indicated the following: (a) For 
near maximum dry density and optimum moisture content con
ditions, friction angles show little variability and cohesion values 
ranged from 9.6 to 24.4 psi. {b) The resilient modulus parameters 
Kand 11 fell within expected rang , and only limited differences 
were noted among the various granular materials . Resilient mod
ulus is not a good property for ranking granular base performance 
potential. (c) The rapid shear strength of "condit ioned" (previ
ously loaded) specimens was always greater than the "uncondi
tioned' trengt b (increa es from 34 to 217 percent) . This i a very 
significant finding. (d) Permanent defonnation under repeated 
loading varied con iderably. In fact , four of the material (all 
gravel products) did not survive the standard conditioning loading 
(45 p ·i deviat r tress/15 p i confining pres. ure) . It i apparent 
that permanent deformation under repeated loading provides a 
more definitive evaluation of granular ba c materials 1han does 
shear strength or resilient modulus. 

Granular bases are utilized extensively in Illinois flexible 
pavement construction. Typically, the granular materials are 
dense graded with a maximum size of 1.5 in . and 4 to 12 
percent passing the No. 200 sieve (fines). In Illinois, the 
dominant gradation is CA-6 (see Table 1 for gradation limits). 

Poor granular base performance generally is linked to the 
use of "near to" or "out of" specification (with respect to 
fines) granular materials and in situ moisture contents in excess 
of optimum moisture (AASHTO T-99). Frequently, the high 
fines content aggregates are also near to or above the PI 
requirements [ < 6 for gravel; <4 for crushed stone and crushed 
gravel in Illinois Department of Transportation (DOT) 
specifications]. 

M. R. Thompson, Department of Civil Engineering, 205 North 
Mathews, Urbana, Ill. 61801. K. L. Smith, ERES Consultants, Inc., 
1401 Regency Drive East, Savoy, Ill. 61874. 

More "open-graded" granular materials with reduced fines 
content are less moisture sensitive and generally provide 
improved granular base performance. In recognition of those 
factors, and as a result of cooperative deliberations by the 
Illinois DOT with Illinois aggregate producers, an additional 
granular base course gradation (CM-06) has been proposed. 
The current CA-6 and the proposed CM-06 gradation limits 
are listed in Table 1. The only difference in the two specifi
cations is the permissible amount passing the No. 200 sieve. 
The CM-06 limits are 2 percent ± 2 percent, and the CA-6 
limits are 8 percent ± 4 percent. 

Repeated loading properties (i.e., resilient modulus and 
permanent deformation accumulation with loading repeti
tions) and shear strength characteristics are major factors that 
influence the structural responses (stresses, strains, displace
ments) and performance of conventional flexible pavements. 
As part of an overall evaluation effort, a comprehensive triax
ial testing program (i.e., repeated loading and rapid shear 
strength tests) was conducted to establish the pertinent prop
erties of typical crushed stones, crushed gravels, and gravels 
that meet CA-6 and CM-06 gradation requirements . The var
ious materials were also used to construct field test sections 
(3-in. asphalt concrete surface plus 12-in. granular base) on 
a Livingston County, Illinois, highway. Only the triaxial testing 
component of the evaluation program is presented here. 

MATERIALS 

Granular materials indigenous to the Livingston County, Illi
nois, area were used in the program. All of the crushed stone 
products were produced at a local limestone quarry. The gravel 
products were provided by two locally operated pits. Crushed 
gravel was produced by crushing gravel particles equal to or 
larger than the maximum nominal size in the target gradation. 
The partially crushed gravel (Material No . SA) was produced 
by crushing and returning the oversized particles in a gravel 
(the percent crushed particles was about 30 to 35 percent). 
A total of seven materials were included in the triaxial testing 
program. They are listed in Table 2. Gradation and AASHTO 
T-99 (Method C) compaction data for the materials are 
summarized in Table 3. 

TESTING PROGRAM 

The triaxial testing program included three types of tests. 

1. Type A: Rapid shear strength testing at near T-99 max
imum dry density and optimum moisture content conditions 
and confining pressures of 5, 15 , and 30 psi; 
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TABLE 1 CA-6 AND CM-06 GRADATION LISTS 

CA-6 and CM-06 Gradation Limits 

Sieve % Passing 

CA-6 CM-06 

1.5 inches 100 100 
1.0 inches 95+5 95+5 
1/2 inch 7 5±:15 75+15 
#4 43+13 43+13 
#16 25+15 25+15 
#200 B+4 2+2 

TABLE 2 GRANULAR MATERIALS LISTING 

Material T:me Gradation 

#l Crushed Stone CA-6 
#2 Crushed Stone CM-06 
#5 Crushed Grave l CA-6 
#6 Crushed Gravel CM -06 
#7 Gravel CA -6 
#B Gravel CM - 06 
#BA Partially Crushed 

(30-35%) Gravel CA-6 
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2. Type B: Rapid shear strength testing (15 psi confining 
pressure) at "maximum achievable" dry density and "wet of 
optimum" (i .e., target value was 1.5 percent wet of AASHTO 
T-99 optimum) conditions; and 

3. Type C: Repeated load triaxial testing (i.e., nonfailure 
stress state conditions) at near maximum dry density and opti
mum moisture content followed by rapid shear strength testing 
(15 psi confining pressure). 

The general descriptions of the testing procedures and 
operations are presented next. 

Triaxial Specimen Preparation 

Tesl specimens were prepared in the same manner for all 
types of testing. Test specimen dimensions were 6-in. diameter 
and 12-in. nominal height. 

The granular material was batch-mixed at the target mois
ture content. A vertically segmented steel mold lined with a 
31-mil neoprene membrane was assembled on the triaxial cell 
base plate. A full-faced vibratory compaction hammer was 
used to densify five successive lifts to achieve the target den
sity level. Following compaction, the loading cap was placed 
on the specimen, and the compaction membrane was sealed 
to the load cap. An internal vacuum was then pulled on Lhe 
specimen. When the segmented steel mold was removed, the 
specimen was supported by the internal vacuum. Because the 
neoprene compaction membrane was frequently punctured, 
a second 25-mil latex membrane was placed on the specimen. 
Finally, the triaxial cell and top plate was placed on the base 
plate . The specimen was then placed in the loading frame. 

TABLE 3 GRADATION , COMPACTION, AND PI DATA 

Percent Pas s ing 

Material 

Sieve #l #2 #5 #6 #7 #B #BA 

(Gradation) CA-6 CM-06 CA-6 CM-06 CA-6 CM-06 CA-6 
1-inch 100 100 100 100 95 . l 100 99 . 1 
3/4-inch 97 . 5 B5.2 93 . 1 95.B B9 . 5 92.4 92 . 0 
1/2-inch 90 . 2 67.9 72. 3 77 .0 81. 8 78 .4 78 . 1 
#4 53.1 42 . 0 32.1 33.1 46 . 9 42 . 8 55.2 
#16 25.4 12 . 7 15 . B 14.l 20 . 3 15.7 23 . 8 
#200 10.5 3.4 7.B 3.1 5 . 0 4.B B. 5 

AASHTO T-99 

Max. Dry Density, 
pcf 143.6 122 . 5 134 . 1 128.4 134. 4 135 . 0 133 .4 

Optimum Moisture , 
% 6.6 4 . 0 7.7 6.9 7 . 6 B.0 9.0 

AA SH TO T-90 

Plasticity Index 4 NP NP NP 4 NP 3 
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FIGURE I Triaxial testing apparatus. 

Triaxial Testing 

A computer-interfaced closed-loop hydraulic loading appa
ratus was used in all of the testing (refer to Figure 1). The 
computer was programmed to conduct the various tests auto
matically and collect and store the test data ( deviator loads 
and total axial deformations as a function of load repetitions 
and time or both) for subsequent processing. Air was used as 
the confining pressure, and the tests were conducted with the 
sample being vented to the atmosphere (open or drained 
condition). 

Rapid Shear Test 

The specimen was rapidly loaded (1.5 in ./sec) to failure . The 
1.5 in./sec deformation rate corresponds to achieving a 5 per
cent failure strain (12-in. specimen length) in 400 msec. This 
load duration is considered a realistic simulation of a relatively 
slow-moving vehicle. 

Repeated Load Testing 

The repeated load triaxial test was executed in three steps: 

1. Step 1: 5,000 stress repetitions (15 psi confining pressure 
and repeated deviator stress of 45 psi) were applied, and 
permanent deformations were recorded throughout the load-

Hydraulic Return 
Line 

MTS Load Cell 

Load Cell 

Triaxiol 
Cell 

Load Frame 
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ing sequence. Materials No. 5, No. 7, No. 8, and No. SA 
suffered extensive permanent deformation p-ider the listed 
stress state and were evaluated at a reduced stress state (15 
psi confining pressure and 30 psi deviator stress). 

2. Step 2: A series of repeated stress states was then applied 
to the specimen, and the "resilient deformations" (total axial 
deformations) were monitored. The stress state application 
sequence is indicated in Table 4. Those data were used to 
calculate resilient moduli, which is defined as the repeated 
deviator stress divided by the resilient strain. 

3. Step 3: The specimen was subjected to rapid triaxial 
testing at a confining pressure of 15 psi following the completion 
of the repeated loading sequence. 

TEST DATA 

Rapid Shear Strength Tests 

Specimen properties and rapid shear strength results for Type 
A and Type B tests are presented in Table 5. The C and <!> 
values presented in Table 6 were calculated by establishing a 
linear regression relation of the form 

where 

C = a/(2 x b0 5) and 
<!> = sin - 1 of [(b - 1)/(b + 1)]. 



TABLE 4 REPEATED LOADING SEQUENCE 

Number 
l!Si(l) l!Si( 2) 

Deviator ( 3) 
l!Si(4) 

S tr~ss (S) 
Loadi!!g of loads 0] I 03, stress , l!Si 8 I ratio 

Condition sooo 60 lS 4S 90 4 
1 soo 60 lS 4S 90 4 
2 soo 4S lS 30 7S 3 
3 soo so 10 40 70 s 
4 soo 30 10 20 so 3 
s soo 2S s 20 3S 5 
6 soo 20 s lS 30 4 
7 soo lS s 10 2S 3 
8 soo 90 15 7S 120 6 

1 - 01 is major principal stress 

2 - 03 is the minor principal stress (equal to the cell pressure) 

3 - Deviator stress is 01 - 03 

4 8 is bulk stress - 01 + 02 + 03. For the triaxial test, 8 is equal to 

TABLE 5 RAPID SHEAR STRENGTH DATA 

Moisture Confining Maximum Deviator 
Material ' Coml!action* Content, ' Pressure, l!Si Stress, l!Si 

#l 98.8 6.8 s 147 
99.0 6.7 15 194 
99 . 0 6.8 30 274 
97.0 8.1 lS 173 

#2 99.8 4.1 5 97 
100. 4.1 15 171 
100. 4.0 30 217 

97 . 7 S.6 lS 136 

#S 99 . 3 7.8 s 78 
99.4 7 . 8 lS 164 
99.6 7 . 7 30 209 
96 . 8 9 . 1 15 110 

#6 99 . 9 6 . 9 s 92 
99 . 9 7.1 lS 17S 
99.6 6.6 30 226 
96 . 6 8.1 lS 111 

#7 99.9 7.S s 76 
99 . 9 7.4 lS 127 
99.6 7.6 30 189 
98 . 0 9.0 lS 108 

#8 99.3 8 .4 s 64 
99.l 7 . 9 lS 109 
99 . 3 8 . 1 30 170 
9S . 9 9.S lS 74 

#SA 99 . 9 9 . 1 s 7S 
99 . 9 8 . 9 lS 116 
99.9 8 . 7 30 18S 
97.8 10.3 lS 109 

* Relative to AASHTO T-99 
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TABLE 6 RAPID SHEAR STRENGTH AND RESILIENT MODULI DATA 

Resilient Testing 

Cohesion Friction Angle K* n 
Modulus*** 

Material (psi) (Degrees) (psi) R** (ksi) 

#l 24 .4 45 . 9 15,310 0 .28 0.93 35 .4 
#2 17.7 44.4 11, 590 0.33 0.93 31.1 
#5 13 .4 45 . 8 10,270 0 .35 0. 91 29.3 
#6 15.1 46.4 10,240 0.35 1.0 29.2 
#7 .11. 9 43 . 8 12,230 0.31 0.96 31. 0 
#8 9.6 42 . 7 9,440 0 . 37 0.97 28.6 
#BA 11 . l 43 . 5 9, 720 0 . 23 0.61 19 .4 

* Antilog of "a" in Log ER - a + n log B 

** Correlation coefficient in above ER - B relation 

*** Resilient Modulus for B - 20 psi 

I/) 
c.. 

I/) 
I/) 
Q) .... -(/) 150 
.... 
0 -0 

> 
Q) 

0 
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CT3 = 5 psi 

0.05 0.10 

Axial Strain 

0.15 0.20 

FIGURE 2 Rapid shear strength stress-strain relations for material No. I (type A test). 

Typical stress-strain plots for Type A rapid shear strength 
tests at various confining pressures are indicated in Figure 2. 
Illustrative comparative stress-strain plots (15 psi confining 
pressure) for Type A, Type B, and Type C tests are presented 
in Figure 3. In some of the "conditioned" tests, the deviator 
stress peaked at 354 psi, which is the limit of the 10-kip ram 
in the testing frame. 

Repeated Load Testing 

Resilient moduli data are presented in Table 6 in terms of K 
and n, the constant and exponent in the stress-dependent 

modulus relation: 

ER= K0" 

where 
En = resilient modulus (repeated deviator stress/ 

resilient strain), 
0 = bulk stress (a1 + a2 + a 3) or a 1 + 2a3 in the 

triaxial test , and 
K and n = experimentally established parameters. 

Permanent deformation data in the form of log permanent 
strain and log number of load repetitions are presented in 
Figure 4 for the various materials and stress-state test conditions. 
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FIGURE 3 Typical stress-strain relations for types A, B, and C testing (material 
No. 5). 
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FIGURE 4 Permanent strain-log N relations for all materials (type C testing). 

DATA ANALYSIS AND DISCUSSION 7 and No. 8 are gravels. The fines contents for No. 7 and No. 
8 are practically the same. Material No. 8A (CA-6 gradation/ 
partially crushed gravel) was included in the testing program 
because the original material initially selected for the program 
(No. 8/CM-06 gradation/gravel) could not be satisfactorily 
compacted under field construction conditions. It is important 
to note that all of the materials are within the CA-6 and CM-

General 

The data in Tables 5 and 6 are for material "pairs" with 
differing gradations (CA-6 or CM-06). No. 1 and No. 2 are 
crushed stones, No. 5 and No. 6 are crushed gravels, and No. 
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06 specification ranges. The maximum fines content is 10.5 
percent (Material No. 1), which is less than the maximum 
permissible value of 12 percent for CA-6. 

Rapid Shear Strength 

The rapid shear strength data for optimum moisture content 
and near maximum dry density are presented in Table 6. The 
data are reasonable and are expected values for those mate
rials. The friction angles only vary from 42. 7 degrees for No. 
8A to 46.4 degrees for No. 6. The cohesion varies over a 
larger range, from a low of 9.6 psi for No . 8 to a high of 24.4 
psi for No. 1. The CA-6 gradations provide slightly larger 
(relative to the CM-06 gradations) cohesion and friction val
ues for the crushed stone (No. 1 and No. 2) and gravel (No. 
7 and No. 8) pairs, but, for the crushed gravel pair (No. 5 
and No. 6), the CM-06 gradation displayed a slightly larger 
cohesion and friction angle. 

Moisture Sensitivity 

The maximum deviator stress (i.e., confining pressure of 15 
psi) data (see Table 7) for "optimum" and "wet" of optimum 
moisture contents are indicative of the moisture sensitivity of 
the various materials . The Retained Strength Index (RSI), 
defined as "wet" strength/strength at optimum moisture con
tent, ranged from a high of 0.94 for No. 8 to a low of 0.63 
for No . 6, with an average of 0.78 (standard deviation of 0.12). 
An RSI of 1.0 is "complete" strength retention. Thompson 
(1) has reported similar data for the AASHO Road Test 
crushed stone base, which indicated considerably lower RSI 
values (around ± 0.4) for moisture content differences (wet 
minus dry) of 1.4 to 2.6 percent and confining pressures rang
ing from 6 to 20 psi. The RSI value may prove to be a simple 
procedure for characterizing moisture sensitivity. Additional 
data are needed to develop the concept further. 

Repeated Load Testing 

The repeated loading data from the Type C testing procedure 
can be used to establish stress-dependent modulus effects (i.e., 
modulus increases with stress state) and to characterize per
manent deformation behavior. The rapid shear strength test 
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(15 psi confining pressure) conducted on the sample, following 
application of the conditioning (5,000 load repetitions) and 
resilient moduli stress state sequences, is useful in establishing 
stress history effects on shear strength. 

Resilient Modulus 

'The K and n parameters presented in Table 6 are realistic 
and compare favorably with the comprehensive data base 
developed by Rada and Witczak (2). Figure 5 presents the 
typical K-n relations for various granular materials developed 
by Rada and Witczak. ILLI-PA VE analyses for the Livingston 
County pavement section (3-in. AC surface and 12-in. gran
ular base) indicated that 20 psi is a representative 0 value for 
mid-depth in the granular base. Resilient modulus values (0 
= 20 psi) for the various materials are presented in Table 6. 
If Material No. 8A is excluded, then the resilient modulus 
ranges from 28.6 to 35.4 ksi . It is apparent that the resilient 
modulus properties of the various aggregates are similar. Elliot 
and Thompson (3-5) have demonstrated that the type of 
aggregate base material (crushed stone/gravel) has a limited 
effect ( ± 10%) on ILLI-PAVE calculated structural responses 
(AC strain, surface deflection, subgrade deflection, subgrade 
strain, subgrade deviator stress). In the same studies, analyses 
of Loop 4 AASHO Road Test surface deflection data also 
indicated that the "type" of granular material had little effect 
on surface deflection response. It is apparent that the "resil
ient responses" of a conventional flexible pavement section 
are not the sole determinant of pavement performance. 

Permanent Deformation 

The permanent deformation response parameters A and b for 
the log permanent strain/log N relation are summarized in 
Table 8. A is indicative of the permanent strain experienced 
under the first load application, and b represents the "rate" 
of permanent strain accumulation. 

It is important to note that Materials No. 5, No. 7, No. 8, 
and No . 8A, which were all gravel products, did not survive 
the standard conditioning of 5,000 repetitions of a stress state 
of 45 psi/15 psi (repeated deviator stress/confining pressure). 
The specimen suffered extensive permanent stain accumula
tion. The three materials that survived the standard condi
tioning stress state (Materials No. 1, No. 2, and No. 6) were 

TABLE 7 MOISTURE CONTENT AND SHEAR STRENGTH DATA 

Maximum Deviator Stress,* psi 

Material "Optimum" Moisture 11 Wet 11 of 02timum Retained Strength*** 

#l 194 (+0.1)** 173 (+l. 5)** 0 . 89 
#2 171 (+0.1) 136 (+1.6) 0 . 80 
#5 164 (+0.1) 110 (+1.4) 0 . 67 
#6 175 (+0.2) 111 (+1.2) 0.63 
#7 127 (-0.2) 108 (+1.4) 0.85 
#8 109 (-0.1) 74 (+1.5) 0.68 
#BA 116 (-0.1) 109 (+1.3) 0.94 

* 15 psi confining pressure 
** ( ) moisture content -%- relative to AASHTO T-99 optimum 
*** RSI - Retained Strength Index - "Wet" strength/"Optimum" strength 
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FIGURE 5 K and n relationships for various types of granular materials identified 
by Rada and Witczak (2). 

TABLE 8 PERMANENT STRAIN DATA 

Material 

#l 
#2 
#5 
#6 
#7 
#8 
#BA 

99 6.5 
100 4.0 

99 7.6 
100 6.9 
100 7 . 5 

99 8 . 0 
100 8.9 

* - Relative to AASHTO T-99 
** - Log Permanent Strain - a + b Log N 

A - antilog of "a" 
Permanent Strain - ANb 

*** - Correlation coefficient 

45/15 
45/15 
30/15 
45/15 
30/15 
30/15 
30/15 

A** 

-4 7.4xl0_ 4 4.4xl0_ 4 
5.3xl0_ 4 

16.lxl0_ 4 
12.9xl0_4 

6.0xl0_ 4 
13. 8xl0 

b** 

0 . 087 
0.114 
0 . 145 
0.076 
0 . 067 
0 . 130 
0.337 

R*** 

0.94 
0.99 
0.98 
0.97 
0.98 
0.99 
0.99 
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the materials with the higher shear strengths as quantified by 
the maximum deviator stress at a 15 psi confining pressure. 
The range of shear strengths for the "survivors" was from 171 
to 194 psi. 

The shear strengths (at 15 psi confining pressure) for the 
"nonsurvivors" ranged from a low of 109 psi to a high of 164 
psi . Stress ratios ( 45 psi repeated deviator stress divided by 
maximum deviator stress at 15 psi confining pressure) for the 
"nonsurvivors" were all greater than 0.27 (Material No. 5) 
with a high of 0.41 (Material No. B) . 

The data for Material No . 5 (shown in Figure 6 as a per
manent strain/number of load repetitions plot) illustrate the 
"unstable" behavior of the 45 psi/15 psi stress state ( deviator 
stress/confining pressure) condition and the more typical "sta
ble" data of the 30 psi/15 psi stress state . The Table B data 
are either for the standard conditioning stress state or for the 
reduced stress state of 30 psi/15 psi. 

When compared with values referenced in NCHRP 1-26 
(6), the b values are typical and realistic except for Material 
No. BA, which is very high. The permanent strain/log N plot 
for Material No. BA (see Figure 7) indicates "unstable" behavior 
(i.e., an increasing rate of deformation accumulation with 
increased load repetitions) even at the reduced conditioning 
stress state of 30 psi/15 psi . Thus, the A and b data are misleading 
for Material No. BA. 

Other than the general shear strength relations noted , the 
A and b factors for the two stress state conditions ( 45 psi/15 
psi and 30 psi/15 psi) do not appear to be functionally related 
to such factors as deviator stress ratio or shear strength. It is 
apparent that it is difficult to predict permanent strain accu
mulation accurately even under carefully controlled laboratory 
conditions. 

0.012 >-

c: 
0 .... 
+-
CJ) 

+- 0.008 >-c: 
Q) 
c: 
0 
E .... 
Q) 

a.. 

0.004 >-

r 

.. 
.. ····· 

.. ··· 

I 

(I) / .. · 

(2) 

I 

15 

Stress History/Rapid Shear Strength 

In Type C testing, a rapid shear strength test (15 psi confining 
pressure) is conducted following the application of the con
ditioning and resilient testing stress repetitions (see Table 4). 
In contrast , Type A tests are conducted on specimen that 
have not experienced any stress history. Typical comparative 
stress/strain data (15 psi confining pressure) for Type A and 
Type C tests on Material No. 5 are indicated in Figure 3. The 
maximum deviator stress data for comparable Type A and 
Type C tests are summarized in Table 9. 

In all cases, the conditioned (Type C tests) strengths and 
initial tangent moduli are larger and the failure strains (strain 
corresponding to maximum deviator stress) are smaller. The 
354 psi maximum deviator stress limit (loading ram limit) was 
achieved for Materials No. 1, No . 2, No. 6, and No. 7. Thus, 
the Type C/Type A strength ratios for those materials are 
actually greater than the values shown in Table 9. 

The lowest Type C shear strength (211 psi for Material No. 
BA) exceeds· the largest Type A shear strength (194 psi for 
Material No. 1) . For those materials that did not reach the 
354 psi limit , the strength ratios varied from a low of 1.34 to 
a high of 3.17. Note that the largest ratios (3 .17 for Material 
No.Band 2.79 for Material No. 7) are for "gravels" and are 
for lower-shear-strength (Type A test) materials. 

It is apparent that stress repetitions have a significant 
strengthening and stiffening effect. It is not possible from the 
data developed in this study (no-load repetition strength and 
the stress history outlined in Table 4) to establish accurately 
the trend of "strength gain" with loading repetitions , but it 
probably is related to the position on the plot of permanent 
deformation to number of load repetitions (see Figure 6) where 

• • cr1 /cr3 

(I) 60115 

(2) 45/ 15 

•psi 

Moisture,% "lo T-99 Compaction 

I 
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FIGURE 6 Stress state effect on permanent strain-load repetitions relations (material No. 5). 
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J:t'lGURE 7 Permanent strain-load repetitions relation for material No. SA. 

TABLE 9 STRESS HISTORY AND RAPID SHEAR STRENGTH DATA 

Material TyEe A Test 

Maximum 
% % Stress, 

Com2action Moisture Esi* 

#l 99.0 6.7 194 
#2 100.0 4.1 171 
#5 99 . 4 7.8 164 
#6 99 . 9 7.1 175 
#7 99 . 9 7.4 127 
#8 99.l 7.9 109 
#SA 99.9 8.9 116 

* 15 psi confining pressure 
** Maximum capacity of test ram 
*** Type C Strength/Type A Strength 

a rather sudden change, or decrease, in permanent defor
mation accumulation rate is typically noted. This point is gen
erally around 100 to 1,000 load repetitions for a material that 
will ultimately achieve a "stable" permanent deformation and 
number of load repetitions performance trend. 

Those data support the "stage construction" philosophy. 
A conditioned granular base (i.e., granular material that has 
experienced at least a few thousand load repetitions prior to 
placement of the final AC surface course) should exhibit 
superior shear strength and "rutting resistance." 

SUMMARY 

As part of an overall evaluation effort to establish the effect 
of a small decrease in fines content (No . 200 material) on the 
pertinent engineering properties of typical well-graded gran-

TJ'.Ee c Test Ratio 

Maximum 
% T-99 % Stress 

ComEaction Moisture Esi* CL.A*** 

99 . 0 6.5 354** 1. 82 
100 . 0 4.0 354** 2.07 

99.0 7.6 220 1. 34 
100 . 0 6.9 354** 2 . 02 
100 . 0 7.5 354** 2 . 79 
99.0 8.0 346 3.17 

100 . 0 8.9 211 1. 82 

granular base materials, a comprehensive triaxial testing pro
gram (i.e., repeated loading and rapid shear strength tests) 
was conducted. Typical crushed stones, crushed gravels, and 
gravels meeting CA-6 and CM-06 gradation requirements (see 
Table 1) were included in the program. 

The results of the testing program indicated the following 
conclusions: 

1. Friction angles show little variability and ranged from 
42. 7 to 46.4 degrees for near maximum dry density and optimum 
moisture content conditions. 

2. Cohesion values indicated compaction conditions ranged 
from 9.6 to 24.4 psi. 

3. Moisture sensitivity, as measured by the RSI (see Table 
7), were relatively high and varied from 0.63 to 0.94. It is 
important to note that the highest fines content was only 10.5 
percent. 
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4. The resilient modulus parameters K and n fell within 
expected ranges. Limited differences were noted among the 
various granular materials . For a representative bulk stress 
of 20 psi, resilient moduli (with the exception of Material No. 
8A) were in the narrow range of 28.6 to 35.4 ksi. Resilient 
modulus is not a good property for ranking granular base 
performance potential. 

5. The rapid shear strength of "conditioned" specimens 
(Type C testing) was always greater than the "unconditioned" 
strength. Strength increases from 34 to 217 percent were pro
duced by conditioning. This is a very significant finding. It is 
apparent that the shear strength of an "unconditioned" spec
imen does not represent the strength of an in-service compacted 
and trafficked granular base material. 

6. Permanent deformation under repeated loading varied 
considerably. In fact, four of the materials (all gravel prod
ucts) did not survive the standard conditioning loading ( 45 
psi deviator stress/15 psi confining pressure). A reduced stress 
state (30 psi deviator/15 psi confining pressure) was used to 
characterize the permanent deformation behavior of those 
four materials. It is apparent that permanent deformation 
under repeated loading provides a more definitive evaluation 
of granular base materials. 

The Livingston County Test Road project was completed 
in June 1987. Field performance (rutting and cracking) and 
FWD responses are being monitored on a continuing basis. 
A future report summarizing the field information and con
sidering the relation between field performance and labora
tory testing data and findings will be prepared by the Illinois 
DOT and The University of Illinois. 
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Determination of Layer Moduli in 
Pavement Systems by Nondestructive 
Testing 

VINCENT P. DRNEVICH, M. MAKBUL HOSSAIN, JIANREN WANG, AND 

RONNIE c. GRAVES 

Two methods of nondestructive testing of pavements (deflection 
basin measurement and surface wave propagation measurement) 
are compared. The assumptions associated with each are exam
ined. Ideally, both methods should provide the same values of 
modulus for each layer in the pavement system if appropriate 
mathematical models are used and accurate field data are obtained. 
Falling Weight Deflectometer and Spectral Analysis of Surface 
Wave (SASW) tests were performed at five sites on a variety of 
different pavement systems. Results are compared and discussed. 
Because of the high contrast in modulus (or wave propagation 
velocity) between the pavement and the base, accurate values of 
modulus for granular base materials were difticult to obtain for 
both methods. Moduli for base materials obtained by the SASW 
method appeared to be more reasonable. 

Nondestructive tests on pavements are having a significant 
impact on structural design and evaluation of pavement sys
tems and on pavement management. To determine the mod
ulus profile of the pavement system is the principal objective 
of those tests. Two types of nondestructive tests are studied 
in this paper: deflection basin measurement and surface wave 
propagation measurement. 

The deflection basin measurements may be made by static 
loading (Benkelmann Beam), by steady state vibratory load
ing, or by impact loading. For this study, a Falling Weight 
Deflectometer (FWD) was used. The FWD is a device that 
applies an impact loading to the surface of the pavement. 
Sensors at the location of loading and at fixed radii are used 
to measure the resulting deflection (i.e., the deflection basin). 
Much background information on this method has been given 
in the literature (1-3). Special computer programs an: used 
to calculate a modulus profile for the pavement system from 
the peak values of measured input force and resulting 
deflection basin. 

The surface wave propagation measurements also rely on 
an impact to the surface. Waves are propagated, and the phase 
velocity of the surface wave is measured for a range of fre
quencies that span the audio range. The method was devel
oped for geophysics in the 1950s by Haskell ( 4) and Thompson 
(5), Knopoff (6), and Jones and Thrower (7). Nazarian and 
Stakoe (8) pioneered the use of those techniques for pavement 
systems in the early 1980s, and it was they who named the 
technique Spectral Analysis of Surface Waves (SASW). Addi
tional development of the method has occurred since then, 
and summaries are available (9-11). 

University of Kentucky, Lexington, Ky. 40506. 

Rather than having an input force and deflection basin, 
SASW produces values of surface wave phase velocities versus 
wavelength (i.e., a dispersion curve). A computer program 
is used to establish a velocity profile with depth from the 
dispersion curve. From this velocity profile, moduli and 
thicknesses of layers are determined. 

This paper describes a real pavement system and then out
lines the basic assumptions associated with the models typi
cally used by both the deflection basin method and the surface 
wave propagation velocity method. Some modifications to the 
SASW method for acquiring data in the field are given. Pro
cedures used for converting acquired data to the final result 
also are discussed for both methods. 

Field data were obtained at five Kentucky sites. Each site 
had a different pavement system, ranging from simple Port
land cement concrete (PCC) over crushed stone to an asphal
tic concrete overlay of a broken and seated Portland cement 
concrete pavement. Data are reduced and compared. Differ
ences between the two methods (FWD and SASW) are dis
cussed with consideration given to the nature of the test and 
assumptions made in the mathematical models. 

PAVEMENT MODELS 

Real Pavement System 

A real pavement system is indicated schematically in the left 
side of Figure 1. The pavement itself is likely to have imper
fections, such as cracks, ruts, and worn areas. The base, whether 
it be stabilized or unstabilized, may differ from one location 
to another in, for instance, thickness, density, and moisture 
content. The subgrade, especially in cut and nonengineered 
fill areas, may be extremely variable in composition, and its 
properties will vary with, for instance, location, depth, and 
moisture content. Finally, bedrock may be at shallow depths. 
When there is bedrock, the depth may vary significantly from 
one location to another, and its presence will significantly 
affect the performance of the pavement system. 

Idealized Model for the Deflection Basin Method 

Most deflection basin data currently are obtained by use of 
an FWD, which applies an impact to the pavement surface. 
The peak load is measured, and, by use of velocity-measuring 
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FIGURE 1 Real pavement system and idealized model for deflection basin measurement method. 

transducers, the peak deflections are determined at various 
radii from the center of load application. A deflection basin 
composed of peak deflections never really occurs during the 
test because there is a phase lag between transducers. Ander
son and Drnevich (12) have shown that phase lag effects are 
significant, even for "rigid" pavements, where the phase lag 
should be smaller than for flexible pavements. Nearly all models 
used for deflection basin analysis are placed on a static deflec
tion basin and completely ignore wave propagation effects. 
Besides phase lag, wave propagation could significantly influ
ence the measured peak deflections when bedrock or very 
stiff layers exist at shallow depths. Other assumptions asso
ciated with typical models used for deflection basin analyses 
are indicated on the right side of Figure 1. Usually, only three 
to five layers and their thicknesses are assumed. Because the 
depth to bedrock is not known, it is frequently assumed the 
depth is about 20 ft. Each layer is assumed to be continuous 
and of uniform thickness in all horizontal directions and 
homogeneous, elastic, and isotropic. Values of density and 
Poisson's ratio also must be assumed. Even in the layer repre
senting the subgrade, the engineering properties of the layer 
are assumed to be constant. In the real pavement system, the 
engineering properties are likely to be highly variable in this 
layer. 

Back Calculation of Moduli from Deflection Basin 
Measurements 

The procedure followed by most computer programs is to 
start with some "seed" values of moduli for each of the assumed 
system of layers. The peak applied dynamic load is repre
sented by a static load on the surface, and a static deflection 
basin is calculated for the model. A comparison is made of 
the calculated deflection basin with the measured deflection 
basin. Differences are used to guide adjustment of moduli in 
the various layers, and another set of deflections is calculated 
for the model. The comparison-adjustment-recalculation pro
cedure is carried out until the calculated static deflections are 
within an acceptable tolerance of the measured peak dynamic 
deflections. The result is a set of moduli for the layers of the 
model that gives a calculated static detlection basin close to 

the measured dynamic deflection basin. Many users of this 
method mistakenly identify those moduli as inherent prop
erties of the real pavement system. They are not. They are 
the properties of the model used to simulate the real pavement 
system. 

Idealized Model for Surface Wave Propagation 
Velocity Method 

Similar to the model for the deflection basin method, the 
model for this method assumes each layer to be continuous 
and of uniform thickness in all horizontal directions and 
homogeneous, elastic, and isotropic as indicated on the right 
side of Figure 2. Values of density and Poisson's ratio also 
must be assumed for a given layer. However, there may be 
many layers, and the thicknesses of each do not need to be 
known. The model is a dynamic one in that inertia of the 
materials and wave propagation (phase lags, reflections, and 
refractions) are accounted for. 

Back Calculation for the Surface Wave Propagation 
Velocity Method 

Like the deflection basin method, an impact is applied to the 
surface. However, its magnitude is much smaller. Vibration 
transducers are placed at fixed radii from the point of impact, 
and the phase lag of the surface wave is measured as a function 
of frequency by use of a spectrum analyzer, as indicated in 
Figure 3. With the horizontal distance between transducers 
and the phase lag, it is possible to calculate the phase velocity 
for each frequency by use of Equation 1. 

C = 2Tifx 
e 

where 

C = phase velocity, 
f = frequency, 
x horizontal distance between transducers, and 
e = phase lag. 

(1) 
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FIGURE 2 Real pavement system and idealized model for spectral analysis of surface waves method. 
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FIGURE 3 Typical configuration of SASW tests. 

For each frequency, wavelength also is calculated from Equa
tion two. 

:>.. = C/f (2) 

where A equals wavelength. 

A plot of phase velocity versus wavelength is called a dis
persion curve, and it can be thought of as being analogous to 
the deflection basin. The back-calculation process for this 
method requires, for the dynamic model, a selection of lay
ering and moduli such that the calculated dispersion curve is 
within tolerable limits of the measured dispersion curve. The 
process can be simple for dispersion curves that have well
defined and simple shapes (13,14) but usually requires an 

Receiver 

x 

extensive compmer program (8,11). Similar to the deflection 
basin method, the result of this method is a set of moduli for 
the layers of the model that gives a calculated dispersion curve 
close to the curve calculated from measured phase lags. 

TESTING PROGRAM 

Description of Test Sites 

Five sites have been tested in this study, and they include one 
rigid and four flexible pavements. Pavement type and thickness 
for each test area are indicated in Table 1. 

The rigid pavement of Site 1 exhibited some cracks. How
ever, all tests were performed in the area of intact PCC. 
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TABLE 1 PAVEMENT TYPE, THICKNESS, AND MODULUS 

Test Location Pavement Thickness Modulus of Elasticity (psi) 

Site and Material 
SASW FWD 

6" PCC 5, 070, 000 4,000, 000 
• KTRB 4" Crushed Stone 35,200 10,000 

1 Garage 36" Compacted 
Subgrade 55,000 16,000 

Limestone Sub grade 740,000 3 5' 000 

2. 5" AC 690,000 650,000 

KTRB 6" Crushed Stone 30,300 10,000 

2 Compound 36" Compacted 
Subgrade 51 '900 7 5' 000 

Limestone Sub grade 901 ,000 175,000 

13" AC 655,000 250, 000 
Louisa 4" Crushed Stone 24,200 18,000 

3 
Bypass, 4" DGA 16,600 25,000 

Kentucky 12" Crushed Sha l e 42,600 5 7' 000 

Shale Su bgrade 103,500 130,000 

l-64, Near 12" AC 764,000 750 , 000 

4 
Grayson 18" DGA 14,550 35 , 000 

Exit 172 Shale Subgrade 66,250 65' 000 

Mountain 
8" AC 890,000 650, 000 

5 Parkway, 
8" PCC (Broken) 1,980,000 200, 000 

Kentucky 
5" DGA 25,900 6,000 

Stiff Clay 45,700 45,000 

• Kentucky Transportation Research Bui !ding 

Asphalt in Site 2 was very thin when compared with that in 
other sites. The rest of the sites were in good performance 
conditions. In fact, Site 3 was a newly constructed bypass, 
and Site 5 consisted of new asphalt overlaying broken and 
seated concrete. 

Description of Test Equipment and Configurations 

Falling Weight Deflectometer Tests 

The device used for deflection basin measurements was a JILS 
20 Falling Weight Deflectometer, manufactured by Founda
tion Mechanics, Inc., El Segundo, Calif. The device has a 
capability of applying a peak dynamic load to pavements of 
up to 24,000 lb with a nominal duration of 25 msec and simul
taneously measures the force applied to the pavement and 
the velocities at seven locations from the applied load (as 
indicated in Figure 4). The results of the peak force applied 
to the pavement and the peak displacements at each of the 
seven sensor locations were measured and stored by using a 
microcomputer-based data acquisition system. The seven sen
sors were located at distances of 2.95, 12, 24, 36, 48, 60, and 
72 in. from the center of load application. 

SASW Tests 

The major components of the SASW testing system are a 
source, receivers, and a recording device. Several impact sources 
were used, such as hammers (4-oz, 8-oz ball peen, 16-oz claw, 
and 8-lb sledge hammers). Two types of vertical transducers 
(accelerometers and geophones) were used as receivers. The 
recording device was a Fourier spectrum analyzer, a digital 
oscilloscope that has a microcomputer built into it so it can 
perform operations directly in either time or frequency domains. 

Mostly, two types of source-to-receiver geometries are used 
in the SASW method: Common Receiver Midpoint (CRMP) 
and Common Source (CS). To reduce the testing time, a third 
type of geometry, the Common Near Receiver (CNR), can 
be used, and it was used for this study. 

Common Receiver Midpoint Geometry Proposed by Naza
rian (9), an imaginary center line is selected between the 
receivers (Figure 5a). Two receivers are moved away from 
the imaginary center line at equal distances, and the source 
is also moved such that the distance between the source and 
near receiver (S) is equal to the distance between the two 
receivers (X) (i.e., SIX = 1). 
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FIGURE 5 Source to receiver geometry for SASW. 

Common Source Geometry The source is fixed at one loca
tion, and two receivers are moved during testing such that 
SIX= 1 (Figure Sb). It was observed from a series of SASW 
tests conducted at asphalt concrete (AC) pavement sites (10) 
that the scatter within all collected data was similar for each 
geometry . CS geometry is preferable to the CRMP geometry 
with regard to the testing time. 

Common Near Receiver Geometry In both CS and CRMP 
geometries, considerable time is spent fixing receivers on the 
pavement surface. To save testing time, the receivers were 
fixed to the surface , and the source and the other receiver 
were moved (Figure Sc) . A test was conducted at a concrete 
pavement site to study the effect of the three geometries on 
experimental dispersion curves. All the geometries gave almost 
identical average dispersion curves. Because CNR geometry 
reduces testing time considerably, this geometry was used in 
this study. The spacings between the receivers for all tests 
reported were O.S, 1, 2, 4, and 8 ft while maintaining 
SIX= 1. 
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TEST RESULTS 

Falling Weight Deflectometer Tests 

80 

80 

Back calculation of layer moduli was performed and was based 
on an iterative procedure that used a layered-theory program, 
ELSYMS (15). Deflections were calculated from the initial 
input values of moduli obtained from SASW tests. At first , 
iterations were made to evaluate the subgrade modulus by 
matching the deflections corresponding to sensor locations 6 
and 7. The modulus was accepted if the difference between 
measured and calculated deflections was around S percent . 
The next step was to adjust the modulus of the surface layer. 
The moduli of intermediate layers were determined by sub
sequent iterations. The calculated deflection basins for each 
site are presented with those measured in Figures 6-10. Aver
age percent difference also is shown in those figures. The 
values are within S percent in almost all cases except Site 2. 
The reason for the 20.8 percent difference for Site 2 can be 
attributed to the behavior of the very thin asphalt layer, which 
was only 2.S in. thick, and because of some fine cracks. Moduli 
calculated from FWD deflection basins are given in Table 1. 

In performing the FWD data reduction, a new back-cal
culation program, WESDEF (16), was tried , even though the 
conditions at the sites were not well suited for those kinds of 
programs. In general, WESDEF gave values of moduli for 
pavement and subgrade similar to those obtained by ELSYMS, 
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FIGURE 10 Deflection basins, Site 5. 

80 
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which used manual iterations. However, WESDEF generally 
gave the built-in lower bound value for the base layers at all 
sites except for Site 4. The difficulty arose from having a low 
modulus layer (base) or layers (base and sub-base) between 
high modulus layers (pavement and stiff subgrade). The 
deflection basin and the procedures used by the program gen
erally provide inaccurate values for the low modulus material, 
especially in the base because of the large modulus contrast. 
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FIGURE 11 Experimental dispersion curve, Site I. 
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FIGURE 12 Dispersion curves, Site I. 
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Automatic back-calculation programs should be used with 
caution for sites not well suited. 

SASW Tests 

SASW tests were performed at the same sites. After field 
testing, data were transferred from the Dynamic Signal Ana
lyzer to a personal computer. The average experimental dis
persion curve was obtained for each site by using the program 
SASWOPR (17). A typical experimentally determined dis
persion curve is presented in Figure 11. There are 300 to 500 
data points on this curve. For small and for large wavelengths 
the curve is relatively well defined, but, for intermediate 
wavelengths, the data show more scatter. This scatter is due 
to the mixing of various modes caused by the high-velocity 
contrast between the pavement and the base. 

For back calculation, the program KENSALPS was then 
used to determine shear wave velocity profile. To execute the 
program, suitable data points were selected from the average 
dispersion curve (such as those in Figure 11) to provide a 
simplified measured dispersion curve. Those were used in the 
back-calculation process and are presented, along with the 
calculated dispersion curves, in Figures 12-16. 

Thicknesses of individual layers for each pavement site were 
known from coring. Constant values of Poisson's ratio (0.33) 
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FIGURE 15 Dispersion curves, Site 4. 

and unit weight (125 pcf) were assumed for crushed stone, 
dense-graded aggregate (DGA), and subgrade materials. For 
PCC and AC, corresponding values of those parameters were 
0.15, 145 pcf and 0.25 , 135 pcf, respectively. The initial shear 
wave velocities for surface layer and the half-space were deter
mined by using the procedure developed by Vi dale (14). Layer 
velocities were assumed for base and sub-base materials for 
initializing the optimization process. The calculated dispersion 
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TABLE 2 SHEAR WAVE VELOCITIES FROM SASW TESTS 

Shear Wave Velocity ( f t/s) 
Material 

Site I Site 2 S ite 3 Site 4 Site 5 

PCC 8400 -- -- - --

AC -- 3080 3000 4340 3500 

c s 700 b~U ~8U - --
DGA -- -- 480 420 600 

Broken - - - - 770 - --
Sh a le 

S ubgrade 87 5 850 1200 960 850 

- Data not app 1 icabl e 

curves also are shown in Figures 12-16. From those figures 
it can be gathered that the agreemeul between lheuretical and 
experimental curves is quite good for all wavelengths. The 
thickness of the surface layer was only 2.5 in. in the case of 
Site 2. This thin layer produced vibration similar to that of a 
flexural-type of a plate, as indicated by Jones (13). A plate 
vibration solution was used in this case to match the dispersion 
curve for wavelengths between 0 and 3 ft. However, a layered 
solution was used for wavelengths greater than 3 ft. The back
calculated shear wave velocity profiles for the five sites are 
given in Table 2 . 

COMPARISON AND DISCUSSION OF RESULTS 

Sites 1 and 2 were very close to each other, and the depth to 
limestone bedrock was on the order of 4 ft. The SASW results 
for the crushed stone, compacted subgrade, and limestone 
compared well between the two sites, whereas the results for 
the FWD test did not. At Site 1, the stiff concrete pavement 
layer appeared to mask the stiffness of the underlying bed
rock . At Site 2, where a thin AC pavement existed, the values 
of modulus for bedrock were much higher . Recall that the 
average error in the back calculation for the FWD was large 
(20.8 percent) and that this error was primarily due to the 
two data points near the source. For the SASW test, a dif-
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ferent dynamic model had to be used to fit the dispersion 
curve for the close-in data. Thus, at least two separate modes 
of deformation existed for this site (one for near-source behavior 
and one for far-field behavior) and that a single model for 
the back calculation by the FWD method was not adequate. 
At both sites, the values of moduli for the crushed stone base 
by the SASW method were much higher than those obtained 
by the FWD method. Values of moduli for the compacted 
sub grade by FWD at those two sites differed significantly. 

Site 3 is similar to Sites 1 and 2 in that a bedrock subgrade 
is at shallow depths. However, at Site 3, the AC pavement 
is much thicker than at Site 2, 13 in. versus 2.5 in. This site 
also proved difficult for the FWD test because the moduli for 
the pavement and crushed stone base layers are significantly 
smaller than expected for a newly constructed pavement. 

At Site 4 the base consists of an 18-in.-thick layer of DGA. 
Values of modulus for this layer by the SASW were similar 
to the values for DGA at Site 3, but corresponding values 
from FWD were significantly higher. 

Site 5 is an interesting one m that a PCC pavement had 
been broken and seated prior to being overlain by an 8-in. 
thick AC pavement. The sizes of the broken pieces were on 
the order of 12 to 24 in. Data in the SASW test for the overlay 
and broken concrete pavement require close transducer spac
ings (typically 6 in. to 24 in.) and are obtained by using acce
lerometers that have good response at high frequencies. The 
likelihood of having the wave propagation measured on an 
intact piece of broken pavement is great, and, hence, a large 
value of modulus is obtained. The FWD test takes the overall 
action into account by measuring the deflections and, hence, 
gave a much smaller value for the moduli for the broken 
pavement. It is important to recall the assumptions associated 
with both methods, that is, that each layer is uniform and 
continuous in all directions. Clearly, this assumption is invalid 
when broken and seated pavements are tested. (Obviously, 
this assumption also is invalid when badly cracked pavements 
of any kind are tested.) 

Besides Table 1, moduli obtained by both methods are 
compared in Figure 17, where the FWD values are plotted 
versus the SASW values. The diagonal curve represents equal 
values by both methods. Many of the data points lie on or 
near the curve. In general, the SASW method gives the larger 
values. 

CONCLUSIONS 

The assumptions associated with the models used for back 
calculation of layer moduli need to be kept in mind as the 
data for pavement systems are analyzed. Both the deflection 
basin method and the surface wave propagation velocity method 
give similar values of layer moduli when the assumptions asso
ciated with the models are satisfied. The model associated 
with the surface wave propagation velocity method is more 
flexible in that many more layers may be handled and the 
existence of a very stiff subgrade (bedrock) at shallow depths 
does not pose any problem. The back-calculation schemes 
associated with the deflection basin method for well
conditioned sites generally are strong in calculating subgrade 
moduli and pavement moduli but are weak in calculating base 
moduli because of the high modulus contrast that typically 
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FIGURE 17 Comparison of moduli from FWD and SASW 
tests. 

exists. Finally, the moduli calculated are for the layers in the 
idealized model used in the back-calculation scheme and are 
not inherent engineering properties for the layers in the real 
pavement system. 
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Dynamic Testing of Nebraska Soils and 
Aggregates 

GEORGE WooLSTRUM 

The results of a study to develop an indirect test for the resilient 
modulus of Nebraska's aggregates and soils is summarized. 
Aggregate and soil samples were collected at 14 locations and 
tested for several engineering properties. The modulus of resil
ience was measured by the University of Nebraska soil mechanics 
laboratory, and other chemical and physical tests were performed 
by the Nebraska Department of Roads. Statistical comparisons 
were made between the resilient modulus and the other test results. 
It is concluded that it is possible to reliably determine the resilient 
moduli of subgrade materials by an indirect method. 

The 1986 AASHTO Guide for Design of Pavement Structures 
uses the resilient modulus of soils in pavement determination 
equations. The purpose of our research was to find a reliable 
indirect, or proxy, method of determining the resilient modulus 
without elaborate triaxial testing equipment. 

STUDY DESIGN 

The study was structured in four stages. The first stage was 
to collect material samples and to conduct field tests. The 
next two stages were to be done concurrently, with the Uni
versity of Nebraska at Lincoln, Civil Engineering Depart
ment, conducting the resilient modulus testing, while the 
Nebraska Department of Roads Materials and Tests (MAT) 
laboratory conducted the other tests. The last stage was the 
statistical analysis to find which of the laboratory data had 
the best relationship to the resilient modulus. 

MATERIAL SAMPLING 

The first stage of the study was to collect soil samples from 
various locations around the state. The intention was to select 
samples that would be representative of the state's major soil 
groups. Fourteen locations, presented in Figure 1, were selected, 
and the soils ranged from granular to fine-grained cohesive. 
At each location two bag samples of the parent soil were 
collected from the right-of-way, and thin-walled tube samples 
of the subgrade were taken through holes bored through the 
pavement. 

Along with the soil sampling, deflection tests with a Dyna
flect machine were conducted at the sites of the tube samples. 
No other field testing was necessary for the purpose of this 
study. 

Table 1 presents the soil descriptions and characteristics. 
One bag sample from each site was delivered to the University 

Nebraska Department of Roads, P.O. Box 94759, Lincoln, Neb. 
68509-4759. 

of Nebraska, Civil Engineering Department, for the resilient 
modulus tests. All other tests were performed by the MAT 
laboratory. 

TRIAXIAL TESTS 

The resilient modulus measurements were made by using con
fined triaxial tests according to the provisions of AASHTO 
test T274-82. Deformations were measured with internally 
mounted linear variable differential transformers. The sam
ples were prepared, using the procedures outlined in T274-
82, with the cohesive soils compacted by kneading and the 
noncohesive soils compacted by impact (1). Much of the 
equipment and computer software used for the tests were 
developed by the University of Nebraska. 

The testing was done in two phases. In phase 1, 15 to 25 
tests were performed on six different soils. The tests were 
conducted at optimum moisture content, as was determined 
by AASHTO T99, and at several dynamic stress and cell 
pressure combinations (1). The purpose of phase 1 was to 
determine if the testing variability were within an acceptable 
range. Phase 2 was to be implemented only if the results of 
phase 1 were satisfactory. 

The testing was totally automated, with the test results read 
directly by a computer. Each specimen was conditioned with 
15,000 cycles of haversine loading prior to testing. The rate 
of loading was two cycles per second, with each cycle con
sisting of a 0.1-sec load application and a 0.4-sec recovery 
period. 

Table 2 presents the result of the phase 1 testing. The 
coefficient of variation was found to be s:lO percent for 71 
percent of the tests and s:12 percent for 84 percent of the 
tests. Those results were considered adequate to proceed with 
the phase 2 testing. 

In phase 2, the triaxial tests were performed on samples 
from all 14 locations. The cohesive soils tests were conducted 
by using various combinations of three different cell pressures, 
five different dynamic stresses, and three different moisture 
contents. The nonplastic soils were tested according to the 
T274 procedure for granular soils, using combinations of five 
different cell pressures, up to 6 different dynamic stresses, 
and three different moisture contents (1). 

Each sample was tested at optimum moisture content and 
at approximately optimum + 1 percent and - 1 percent. No 
attempt was made to test at saturation, because it was felt 
that it represented realistic field conditions. The aggregates 
and soils and the moisture contents where they were tested 
are presented in Table 3. 
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TABLE 1 CHARACTERISTICS OF SOILS AND AGGREGATES 

Smpl. Soil % Ret. 
No . TyEe on #4 

171 Fine Sand 0 

176 Fine Sand 0 

174 Tertiary 0 

223 Tertiary 11 

335 Tertiary 0 

246 Loess 0 

172 Loess 0 

336 Loess 0 

184 Loess 0 

297 Loess 0 

278 Glacial 0 

313 Glacial 0 

247 Shale 0 

249 Shale 0 

*LL Liquid Limit 
**PI Plastic Limit 

% Ret. Sieve 
on w/O % 
#200 Rct. LL* PI Mr 

88 10 NP 

88 10 NP 

44 10 NP 

65 1 24 2 

46 4 20 NP 

2 10 36 15 

1 100 31 8 

4 100 26 3 

1 100 43 22 

3 40 45 26 

23 4 34 15 

21 4 51 32 

4 4 68 46 

3 10 66 43 

• Loess 

* • Glac 

• Loess 

AAS HO 
Class 

A-2-4 (O) 

A-2-4 (0) 

A-4(3.8) 

A-2-4 (0) 

A-4(4.2) 

A-6(10) 

A-4(8) 

A-4(8) 

A-7-6(13.8) 

A-7-6(15. 3) 

A-6(8 . 4) 

A-7-6(18.2) 

A-7-6(20) 

A-7-6(20) 

Nebr. 
Group 
Index 

-2.0 

-2.0 

4.2 

-1. 0 

3 . 8 

10.0 

8 . 0 

8.0 

13.4 

15 .4 

10 . 0 

19 . 0 

28 . 0 

26.4 
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TABLE 2 PHASE 1 OF VARIABILITY (J) 

% with % with 
Coef. of Coef. of 

Soil No. of Variation Variation 
Type Test _:: 10% <12% 

Fine Sand 25 80 84 

Tertiary 15 67 80 

Glacial 15 73 87 

Medium 
Loess 15 47 80 

High 
Loess 15 73 87 

Pierre 
Shale 15 80 87 

TABLE 3 MOISTURE CONTENT FOR RESILIENT MODULUS TESTING (1) 

Sample Soil Avg. Dry 
No. T:z:::Ee Wt. Ecf 

171 Fine Sand 112.0 

176 Fine Sand 109.9 

174 Tertiary 101. 9 

223 Tertiary 111.0 

335 Tertiary 111.0 

246 Loess 106.4 

172 Loess 105.0 

336 Loess 105.9 

184 Loess 102.1 

297 Loess 100.8 

278 Glacial 116.2 

313 Glacial 109 .2 

247 Shale 94.7 

249 Shale 98.6 

The test cell pressures for the cohesive soils were 0, 3, and 
6 psi and for the granular soils 1, 5, 10, 15, and 20 psi. Sta
tistical analysis was performed with all of the resilient modulus 
test results. However, the tests that used a confining pressure 
of 0 psi were considered the most important. For that reason, 
the 0 psi cell pressure test results are given the most attention. 

Figures 2-8 show some of the results of resilient modulus 
tests. The results of some of the tests, such as Figure 5, appear 

Percentage Moisture 
0Etimum Wet Dr:z::: 

11. 3 12.3 10.2 

12.7 13.5 11.4 

15.8 16.5 14.8 

14.0 15.7 13.4 

14.0 14.7 12.6 

17.8 18.8 16.9 

17.8 18.8 16.7 

17.1 17.9 15.8 

20.8 21. 6 19.6 

20.4 21.4 19.3 

15.5 16.5 14.5 

17.4 18.4 16.9 

26.4 27.1 25.1 

24.0 25.0 23.0 

to be contrary to conventional wisdom. Those atypical results 
were observed with some of the low plasticity soils, and addi
tional tests were conducted to verify the first tests. The curve 
inversion may be caused by negative pore water pressure, 
which develops during the load impulse and does not have 
time to equalize during the 0.1-sec load cycle. The following 
explanation was suggested by the University of Nebraska: 
"During the haversine load pulse, rapid shearing strains are 
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FIGURE 5 Resilient modulus, Peorian loess, low plasticity (1). 
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FIGURE 6 Resilient modulus, Peorian loess, high plasticity (J). 
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FIGURE 7 Resilient modulus, glacial (J). 
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FIGURE 8 Resilient modulus, Pierre shale (J). 
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induced. At low confining pressures and high degrees of sat
uration, a drop in pore water pressure is produced, caused 
by dilation of the well-compacted granular material. Since the 
load pulse is only 0.1 sec in duration, there is not sufficient 
time for pore water migration as the sample dilates; thus the 
pore water pressure must drop. The drop in pore water pres
sure increases the effective stress and the sample appears more 
stiff" (1). This effect was most apparent under wet conditions 
and low confining pressures. 

No tests have been conducted to try to prove the theory. 

OTHER LABORATORY TESTS 

The following tests were performed by the MAT laboratory: 
soil gradations, liquid limit, plastic limit, X ray diffraction, 
optimum moisture content, and in situ moisture content from 
the tube samples. The data from the laboratory tests and the 
deflection tests were used for the statistical analysis. 

ST A TISTICAL ANALYSIS 

Regression equations were derived both individually and in 
combinations for the resilient moduli and for the other mea
surements. The initial results were not encouraging. Most of 
the comparisons yielded little more than scatter-gun graph 
patterns. However, certain characteristics yielded better results 
than others did: the percent retained on the No. 200 sieve, 
the liquid limit, and the plasticity index. Because those are 
the characteristics used to determine the soil group index, 
regression equations were developed by using group indices 
as the known variables. This procedure yielded a very close 
fit to the measured data, as indicated by Figure 9. 

The group index used in the regression analysis is the 
Nebraska Group Index (NGI). The NGI, as determined from 
Figure 10, is similar to that developed by AASHTO, but it 
is somewhat more sensitive and permits negative values for 
granular materials. 

Regression analyses were performed for resilient moduli 
produced by a cell pressure of 0 psi with a deviator stress of 
10 psi and a cell pressure of 6 psi with a deviator stress of 10 
psi. Although a cubic equation seemed to give the best fit for 
the low plasticity soils, the best overall fit, under all three 
moisture levels, turned out to be the fourth-order equations 
given in Equations (1) and (2). 

Mr = 100[B0 + B 1(G) + B2(G2
) 

+ B3(G3
) + B4(G4

)] (1) 

where Mr is the resilient modulus (psi) and G is the Nebraska 
Group Index. 

Optimum Wet Dry 

Bo= 123.69 92.15 99.51 
B1 = -38.81 -32.66 -36.39 
82 = 5.52 4.33 6.42 
B, = -0.25 -0.17 -0.33 
B4 = 0.004 0.002 0.005 
[R square 0.96 0.92 0.93] 

The deviator stress is 10 psi, and the cell pressure is 0 psi. 
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FIGURE 11 Resilient modulus versus Nebraska Group Index, 
deviator stress = 10, confining pressure = 0. 
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FIGURE 12 Resilient modulus versus Nebraska Group Index, 
deviator stress = 10, confining pressure = 6. 

35 

Mr = 100[B0 + B 1(G) + Bz(G2
) 

+ BJ(G') + B4(G4
)] (2) 

Bo = 
B1 = 
Bz = 
B, = 

B4 = 
[R square 

Optimum 
249.44 

-98.38 
13.51 

-0.60 
0.008 
0.92 

Wet 
226.31 

-105.03 
14.93 

-0.71 
0.011 
0.88 

Dry 

241.26 
-95.17 

15.63 
-0.82 

0.013 
0.88] 

The deviator stress is 10 psi, and the cell pressure is 6 psi. 
The equations, as indicated by Figures 11 and 12, conform 

fairly well to the observed data. Within an NGI range of 
approximately - 3 to + 28, the equations are fairly well 
behaved. However, the equations should not be used for 
aggregates and soils outside of this range, because the fourth-
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order term begins to dominate and the results are no longer 
reliable. The effective range, however, covers most soil
aggregate mixtures used for Nebraska road construction. 

SUMMARY 

The purpose of the study was to determine if there was a 
reliable, easily performed test for the resilient moduli of 
subgrade soils and aggregates. While there was some initial 
concern, the small sample and the variability within soils and 
aggregates of the same classification were not fatal problems. 

The regression analysis demonstrated that it is possible to 
reliably determine the resilient modulus of soils through indi
rect methods . The results of the study did raise some questions 
about using resilient modulus, as measured by AASHTO test 
T274-82 for pavement design . The main problems are the 
apparent increase in strength with increasing load of some 
low plasticity soils. 

CONCLUSIONS 

From the re ults of the variou. test. and the statistical regres
sion analy is it has been determined that 

l. The resi lient moduli of soils can be reliably determined 
by indirect methods. 
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2. Some high plasticity soils show very high strengths under 
dynamic loading. 

3. Pavement deflection results , as measured with a Dyna
flect, did not show enough relationship to the resilient mod
ulus to be used as an indicator . 

4. The Nebraska Group Index is a reliable indicator of the 
resilient moduli of soils within an NGI of - 3 to + 28. 
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Dynamic Response of Open-Graded 
Highway Aggregates 

RICHARD J. BATHURST AND GERALD P. RAYMOND 

The results are presented of a laboratory study that was carried 
out to investigate the stability of thin layers of coarse single-sized 
(open-graded) highway aggregates under dynamic plate loading. 
The inve tigation con idered a range of aggregate · having vari
able quality as defined by rhe Aggregate .Index Number. The 
Aggreg11te Index Number i a quantitative measure of the com
bined durnbility of an aggregate that is bas don the aggregate's 
resistance to fracture and abrasion as measured in the Los Ange
les Abrasion and Mill Abrasion Tests. Other variables between 
tests were gradation size and support compressibility. The test re
sults showed that for the coarsest gradation investigated, the 
semi-1.ogaiithmic pem1anent deformation rate could be reduced sig
nificantly by increa ing aggregate quality and/ r increasing under
lying upport stiffness. The sensitivity of dcfor111111ion rate to 
aggregate quality and underlying ·upport compres ibility decreased 
f r parallel but finer gradations. Finally, implication to selection 
criteria for aggregate used in unbound open-graded drainage 
layers below highway and airfield pavements are identified. 

Infiltration of surface water into pavement cracks and joints 
is a major source of pavement deterioration in highway and 
airfield pavements. A strategy becoming increasingly more 
common in North America to reduce or eliminate this prob
lem is to construct an open-graded drainage layer (OGDL) 
directly below the surface course that can direct infiltrated 
water to pavement shoulders or drains (1-4). An example of 
a pavement structure that incorporates an OGDL is given in 
Figure 1. 

The aggregate must have high permeability because of the 
high volume/short duration flows that may be required of an 
OGDL layer. A successful OGDL must be capable of remov
ing water at a rate greater than the infiltration rate. For this 
reason, relatively coarse-grained single-sized (open-graded) 
aggregates are recommended. The aggregate layer must be 
protected, using suitable bases or filters, and be provided with 
outlet drains that ensure positive drainage. Owing to the prox
imity of any OGDL to the pavement-bearing surface the OGDL 
must possess adequate stability against traffic-induced shear
ing stresses. Those shearing stresses may be further amplified 
near pavement cracks or, in the case of reinforced concrete 
pavements, joints. Under those conditions traffic wheel loads 
may not be attenuated through the surface course, and the 
OGDL may experience overstressing. 

The necessity of providing both adequate drainage capacity 
and adequate stability can lead to conflicting requirements in 
the specification of the aggregate source because the stability 

R. J . Bathurst, Civil Engineering Department, Royal Military College 
of Canada, Kingston, Ont. K7K 5LO. G . P. Raymond, Civil Engi
neering Department, Queen's University at Kingston, Kingston , Ont. 
K7L 3N6. 

of granular material generally increases if a material has a 
well-graded particle size distribution (i.e., strength increases 
with decreasing void ratio) . In many instances, a 1.5 to 2 
percent asphaltic cement (AC) binder is added to the aggre
gate to stabilize the layer during construction activities. The 
AC content is just great enough to coat the aggregate and 
does not significantly reduce permeability of the material. 
Nevertheless, unbound open-graded drainage layers have also 
been successfully constructed (2,3). The influence of grain 
size distribution on aggregate permeability in pavement struc
tures has been the topic of investigation by many researchers 
(e.g., (2,5-8)]. Less well understood is the influence of prop
erties such as fracture resistance (toughness), abrasion resis
tance (hardness), and grain-size distribution of open-graded 
aggregates on the stability of materials under repetitive load
ing (e.g., (9)]. Related works (10) (11) concerned with pre
dicting longevity of ballast aggregates in railway tracks offer 
guidance to experimental programs for open-graded aggre
gates in highway and airfield pavements . For example, Cana
dian Pacific Rail (CP Rail) has adopted a track model that 
relates longevity of ballast to aggregate fracture resistance, 
aggregate hardness , and cumulative tonnage on track (12). A 
work by Raymond and others (13), concerning the CP Rail 
track model has, in part, inspired the experimental approach 
adopted in the current investigation. 

SCOPE OF CURRENT INVESTIGATION 

A preliminary laboratory investigation that examines, under 
simulated traffic loading, the influence of aggregate properties 
on the stability of unbound open-graded drainage layer models 
is described in this paper. The properties of the aggregates 
investigated were fracture resistance, hardness, and grain size 
distribution. 

TEST PROGRAM 

Three different aggregates from eastern Ontario were exam
ined . The properties used to characterize the aggregates 
follow: 

1. Aggregate gradation (i.e., ranging from a gradation with 
a top size of 37 .5 mm to parallel finer grain size distributions 
with a top size of 19 and 9.5 mm) and 

2. The combination of hardness and resistance to fracturing 
of the aggregate samples as defined by the Mill Abrasion 
(MA) value , Los Angeles Abrasion (LAA) value, and the 
Aggregate Index Number. 
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FIGURE 1 Example of highway pavement with open-graded drainage layer. 

The relative stability of the aggregate materials was deter
mined by comparing the cumulative load-deformation response 
of thin layers of aggregate during repeated loading in a lab
oratory plate-loading apparatus. The principal variable between 
model configurations with respect to the plate-bearing test 
was the use of either a rigid or flexible support to model a 
range of compressibility in the underlying road structure. 
Experience from similar test programs on the stability of rail
way ballast has shown that the compressibility of the under
lying structure has a very important influence on the cumu
lative load-deformation response of aggregate materials (14). 
A total of 22 plate-bearing tests were carried out, of which 
four were replicate tests to examine test repeatability. 

Aggregate Sources 

The aggregate sources used in this investigation comprised 
100 percent crushed rock . The properties arc summarized in 
Table 1. The meaning and significance of the characteristic 
properties of the aggregates are given in the following sec
tions. The Elgin burg limestone and Jasper dolomite have been 
used as base materials in roadworks by the Ministry of Trans
portation of Ontario (MTO) in eastern Ontario and the 
Marmora Trap as ballast in branchline lrat:k by CP Rail. 

TABLE 1 SUMMARY OF AGGREGATE PROPERTIES 

Aggregate Specific Mill Abrasion Los Angeles Ia• Cu•• Cc°•• 
'l)'pe Gravity (MA) Abrasion (LAA) 

(%) (%) 

Elginburg 
Limestone 2.68 9.1 28.9 74 3.6-4.3 

Jasper 
Dolomite 2.76 6.6 20.9 54 3.9 

Marmara 
Trap 2.98 5.1 14.1 40 4.0-4.4 

• Aggregate Index Number Ia = 5 x MA + LAA 
• • Coefficient of Uniformity 060/010 
••• Coefficient of Curvature 0 2

311/0600 10 

1.0-1.3 

1.1 

1.0-1.3 

Gradation 

The standard grain-size curves investigated are given in Figure 
2. Gradation 1 represents the coarsest material considered 
aml is dose to the current OGDL specification presently 
adopted by MTO (Figure 2a) . Gradation 2 (medium) and 3 
(fine) have similar slopes and shape to gradation 1 (i .e., sim
ilar codfit:ieul uf uniformity ( Cµ) and coefficient of curvature 
(Cc)) but are shifted to essentially parallel gradations with 
finer particle sizes. For comparison purposes, the hatched 
regions in Figures 2b and 2c correspond to gradation speci
fications that have been used for OGDL construction in the 
United States. Gradation 1 is close to the AASHTO 57 spec
ification for coarse aggregate (1), and gradations 1 and 2 fall 
within specifications for OGDLs recently adopted by the 
Pennsylvania Department of Transport (PennDOT) (2). 
The target gradations were achieved by blending presieved 
aggregate size ranges taken from laboratory stock piles. 

Los Angeles Abrasion Test 

LAA tests were carried out on aggregate samples as given in 
ASTM Designations C535-81 and C131-81 to give a relative 
measure of particle resistance to fracturing. 

The LAA test simulates the effect of high contact forces 
on aggregate particles, including those generated by impact 
loading. High impact forces on OGDL aggregates will occur 
in the vicinity of transverse cracks in asphaltic pavements and 
below joints in concrete pavements. The ability of an aggre
gate to survive high contact forces is dependent on the tough
ness of the aggregate (i .e., particle resistance to fracturing) . 
A low LAA value indicates a material with a high resistance 
to fracturing under high contact forces. 

Because the samples tested covered a range of aggregate 
sizes , the Standard Test Method ASTM C535-81 was used for 
materials having a particle size greater than 19 mm, and the 
test method given in ASTM Cl31-81 was used for materials 
with a particle size less than 19 mm. 

Mill Abrasion Test 

The MA test is a nonstandard test that simulates autogenous 
grinding and measures the relative resistance to abrasion or 
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FIGURE 2 Examples of grain size distributions for open-graded drainage layers. 

hardness of aggregate materials as a result of the autogenous 
grinding of the aggregate particles. Abrasion of aggregate 
particles in an OGDL will result from the constant movement 
of aggregate particles against each other, particularly near 
pavement cracks and joints. 

The specifications for the MA test follow and are repro
duced from the current CP Rail specification (12). In the 
current investigation, the CP Rail method of test was modified 
for samples having a smaller top-size than that designated in 
the original specification. 

The Mill Abrasion Test (from CP Rail Specification for 
Ballast 1984): 

A representative sample is obtained and sized by using 
current ASTM Methods of Test. From the coarse aggregate, 
split a representative portion into a sample consisting of 1.5 
kg passing the 38.1-mm sieve and retained on the 25.4-mm 
sieve plus 1.5 kg passing the 25.4-mm sieve and retained on 
the 19-mm sieve. The sample shall be washed and oven dried 
in accordance with the Los Angeles Abrasion procedure. The 
sample will then be placed in a 4.546-1, 230-mm external diam
eter porcelain ball mill pot, along with 3 kg of distilled water. 
The mill pot shall be sealed and rotated at 33 rpm for a total 
of 10,000 revolutions (5 hours) . The sample shall then be 
wash-sieved through a No. 200 sieve and oven dried before 
weighing. Mill Abrasion shall be calculated as a percentage 
loss iri weight, using the following formula: 

.
1 

b . lo .in weight 
100 m1 1 a ras1on = . . 

1 
. 

1 
x 

ongrna we1g lt 

The Modified Mill Abrasion Test for small-size aggregate: 
The procedure just described was modified for samples of 

aggregate having particle sizes less than 19 mm. For those 
samples , a single 3-kg charge was used composed of particle 
sizes passing 19 mm and retained on the No. 4 sieve. 

Hardness-Toughness Trade Offs and Aggregate Index 
Number 

Experience with railway ballasts (10,11) has shown that aggre
gates that are tough with respect to fracture resistance are 
not necessarily highly abrasion resistant. Rather, the same 
longevity of ballast under cumulative tonnage can be obtained 
by aggregates having different combinations of MA (hard
ness) and LAA (toughness) values . A parameter that reflects 
the contribution of both mechanisms to aggregate durability 
in track is the Aggregate Index Number (Ia) where 

Ia = 5 x MA + LAA 

CP Rail has adopted limits on the Aggregate Index Number 
as a ballast criterion and have correlated the Ia value and 
aggregate gradation with ballast life (i.e . , cumulative tonnage 
to aggregate fouling). In the CP Rail specification, the Aggre
gate Index Number is called the Abrasion Number . 

The work by Raymond and CP Rail has inspired the current 
experimental approach and has led to an investigation of the 
Aggregate Index Number as an indicator of relative stability 
of coarse single-sized highway aggregates. 
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The aggregates tested in the current investigation were se
lected to give a range of hardness and fracture resistance and 
Aggregate Index Number. The Elginburg limestone was the 
poorest quality aggregate investigated (i.e., greatest I. value) 
and in qualitative terms represents an aggregate with low 
hardness/low toughness (soft/weak). The Marmora Trap is a 
metamorphic rock and was the highest quality aggregate (i.e., 
lowest /0 value) investigated. It has medium hardness/high 
toughness. Finally, the Jasper dolomite is an intermediate 
quality aggregate and is defined by medium hardness/medium 
toughness. 

Plate-Bearing Test Procedure 

The general arrangement for the plate-bearing test is given 
in Figure 3; the test system is shown in Figure 4. The OGDL 
was modeled as a layer of aggregate 100 mm thick and was 
supported by a rigid or flexible base. The 100 mm thickness 
is typical of OGDL installations in Ontario (Ministry of Trans
portation, Personal Communication) and in the United States 
(/). Nevertheless, 100 mm is likely the minimum thickness 
that would be considered in actual installations to facilitate 
construction and to ensure adequate flow capacity. The OGDL 
samples were 1 m by 1 m in plan area and were confined 
within a rigid thick-walled aluminum tray, which permitted 
unbound aggregate samples to be placed and compacted away 
from the loading system. The flexible support condition was 
created by using a closed-cell gum-rubber mat (12 mm thick). 
The equivalent sub grade modulus (k,) of the mat material was 
determined to be 370 MN/m3 , using a rigid 457-mm diameter 

FIGURE 3 Plate-bearing test apparatus. 
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steel plate and a static load of 40 kN (i.e., maximum bearing 
pressure = 244 kPa) . The measured mat flexibility is consid
ered to be representative of the compliance because of the 
combined effect of a good granular subbase overlying a com
petent cohesive subgrade. In a previous investigation (14), 
the CBR of this artificial "subgrade" was estimated to be 
equivalent to a granular material with a CBR of 40. 

A sinusoidal loading pulse with an amplitude of 2 to 40 kN 
was applied to the surface of each sample by using the same 
rigid steel plate. The maximum 40 kN load represents a stan
dard half-axle load. The 457-mm diameter plate (as opposed 
to, say, a 300-mm diameter plate) was selected to simulate 
the increased bearing area that would exist in the pavement 
structure at the elevation of the OGDL as a result of the 
vertical load that spread through the overlying surface course. 
The minimum load level of 2 kN was selected to ensure a 
good contact between the aggregate and the loading plate. 
The load was delivered to the plate by using an MTS closed
loop electrohydraulic actuator controlled by a DEC PDPll/ 
34 computer. A load cell and linear variable displacement 
transducer (L VDT) located above the actuator base was used 
to monitor footing loads and vertical displacements. The load
deformation response of the footing during a loading cycle 
was recorded and stored by the computer at programmed 
intervals. The load was applied at a rate of 5 Hz for 1 to 2 
million load applirntions. The plate was maintained in a hor
izontal position throughout the test by passing the actuator 
piston through a rigidly supported Teflon® bushing. 

A concrete plinth was used to support the aluminum tray 
that confined the aggregate sample. The purpose of this 
structure was to provide a catchment system for in-situ 
permeability tests as part of a related research program. 

LOADING CROSS BEAM 

MTS HYDRAULIC ACTUATOR w/ INTERNAL LVDT 

LOAD CELL 

ACTUATOR PISTON 

TEFLON BUSHING 

BUSHING SUPPORT 

457 mm DIAMETER LOADING PLATE 

AGGREGATE SAMPLE 
(1 m by 1 m by 100 mm thick) 

ALUMINIUM BASE PLATE 

PERFORATED ALUMINIUM SIDEWALLS 

12 mm THICK RUBBER MAT 
(Flexible support tests only) 

DRAINAGE CHANNEL 

CONCRETE PLINTH 
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FIGURE 4 Testing system. 

The aggregate samples were compacted by using a hand
held tamping plate that weighed 10.4 kg and had a tamping 
area 250 mm by 250 mm. The same number of passes from the 
same height were used in the preparation of each specimen. 

TEST RESULTS 

The results of density measurements showed that void ratios 
varied from about 0.42 to 0.61 for samples of the Elginburg 
limestone, Jasper dolomite, and Marmora Trap. Void ratio 
data were plotted in Figure 5. There was no systematic vari
ation in void ratio between samples constructed with a rigid 
support. The void ratios for the flexible-support models with 
the finest gradation were somewhat lower than for the com
parable rigid-support configurations. Nevertheless, the mean 
value of void ratio at a particular gradation was reasonably 
constant at about 0.49 for both rigid and flexible models. The 
independence of void ratio from aggregate type was a con
sequence of similar particle shape for the 100 percent crushed 
materials and the light compaction effort applied to the 
samples to prevent particle crushing during construction. 
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FIGURE 5 Void ratio versus top size. 
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The results of the plate-bearing tests with the coarsest 
aggregate (gradation 1) are shown in Figures 6 and 7. The 
cumulative (permanent) displacement with the number of load 
repetitions was highly nonlinear, with most of the deformation 
occurring early in the loading program. The same data were 
replotted with semi-logarithmic axes. In general, the data 
show that over a wide range of load repetitions the permanent 
displacements varied linearly with the log number of load
applications. The data from those tests indicate that the mag
nitude of permanent displacement increases with the value of 
Aggregate Index Number I. and with the compressibility of 
the underlying support. 

Permanent deformation as a relative measure of aggregate 
stability under load can be misleading, because the magnitude 
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FIGURE 6 Load deformation response of aggregates 
over rigid support (gradation 1): linear scale (top), 
semi-logarithmic scale (bottom). 
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FIGURE 7 Load deformation response of aggregates over 
flexible support (gradation 1): linear scale (top), semi
logarithmic scale (bottom). 

of permanent deformation after a given number of load appli
cations is sensitive to the effects of initial plate seating. In 
this investigation the most reliable measure of relative stability 
between tests was found to be the rate at which permanent 
deformation had accumulated with respect to the log number 
of load repetitions (i .e., mm/log cycle) taken over 10 to 106 

load applications. For brevity, this quantity is referred to as 
deformation rate. 

Deformation rates versus aggregate size for all test config
urations are summarized in Figures 8-10 and are based on 
the three aggregates investiga ted. For the poorest aggregate 
(Elginburg limestone in Figure 8), the test results show that 
deformation rates diminished with finer aggregate size and 
greater support stiffness. Figure 9 shows that for the inter
mediate quality aggregate (Jasper dolomite) the deformation 
rates were essentially insensitive to aggregate size but decreased 
with lower support compressibility. The same data for the 
highest quality aggregate ·(Marmora Trap) show that defor
mation rates were essentially independent of aggregate size 
and support condition (Figure 10). 

The influence of test parameters on model stiffness can be 
described by rebound values measured over the course of each 
test. The rebound values have been calculated as the differ
ence between permanent and peak plate deformations during 
a load cycle. An average rebound value was calculated for 10 
to 106 load applications in each test, and those values are 
plotted in Figure 11 , which illustrates that rebound values 
were essentially insensitive to grain size but (as expected) were 
dependent on the support stiffness. For the flexible support 
condition, the rebound values showed a tendency to increase 
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with decreasing aggregate quality. Nevenheless the magni
tude of the values recorded are clo e to the limit of the instru
mentation accuracy, and it i t herefore difficult to confidently 
i olate the influence of aggregate quality on ystem rebound 
values. 

The deformation rate values from all tests can be replotted 
against the Aggregate Index Number (/0 ), as shown in Fig-
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FIGURE 11 Rebound versus top size: rigid support 
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ures 12-14 for gradations 1 (coarse), 2 (medium), and 3 (fine). 
The figures illustrate that the stability of OGDLs meeting 
the coarsest size specification could be improved by selecting 
a higher quality aggregate as defined by its Aggregate Index 
Number. This is particularly true for open-graded aggre
gates over compressible bases. For example, reducing the 
Aggregate Index Number from 74 to 40 corresponds to a 
reduction in the (log) cumulative deformation rate by a factor 
of three. On a linear scale, this improvement corresponds to 
a thousand-fold increase in the number of load applications 
to achieve the same deformation level as for the poorest aggre-
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FIGURE 12 Deformation rate versus Aggregate 
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gate. Figure 13 illustrates that the performance of OGDLs 
having a size distribution corresponding to a medium gra
dation (gradation 2) could only be improved by selecting a 
higher quality aggregate if the layer were over a compressible 
base. Finally, for the finest gradations investigated, Figure 14 
shows that the quality of the aggregate did not systematically 
influence the stability of those systems on the basis of 
deformation rate. 

CONCLUDING REMARKS 

The results of the current laboratory investigation have shown 
preliminary qualitative relationships between aggregate sta
bility under dynamic loading and the quality of the aggregate 
and the stiffness of the underlying support. The coarse and 
medium-sized open-graded aggregates investigated cover a 
range that would be considered in OGDL construction on the 
basis of a number of current specifications that ensure ade
quate flow capacity for those aggregates when used as drain
age layers below pavement. The tests show that the ability of 
the unbound aggregate to resist cumulative permanent defor
mation generally diminishes as the quality of the aggregate 
decreases (i.e., increasing Aggregate Index Number) and as 
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the compressibility of the underlying support increases. For 
example, if a coarse aggregation gradation (say, gradation 1) 
were desirable based on drainage criteria , then an aggregate 
with a low Aggregate Index Number would be needed to 
ensure adequate resistance to fracturing and resistance. This 
is particularly true of OGDLs placed over compliant road 
support. Under those conditions, the results of the current 
investigation have shown that a thousand-fold increase in the 
number of load applications is required for the highest quality 
aggregate to achieve the same level of permanent deformation 
as does the poorest aggregate. Highway pavement perfor
mance is evaluated in part by the magnitude of surface rut 
depth. If the number of load applications to achieve an unac
ceptable level of deformation in the OGDL were to be increased 
by a factor of a thousand, then pavement repair cycle times 
would be dramatically reduced. An alternative strategy to 
st:lecting a better quality material is to use a finer gradation 
(say, gradation 2) to improve the stability of the aggregate. 

It is current practice in many jurisdictions to use a 1.5 to 
2 percent AC binder to stabilize the open-graded drainage 
layer during construction . The influence of parameters such 
as grain size distribution, aggregate quality, support com
pressibility, AC content, and compaction density on those 
bound systems warrant investigation. Nevertheless, it has been 
observed in some prototype-scale test sections by the authors 
that stripping of the OGDL aggregate can occur because of 
water infiltration, and, theretore, 1t can be argued that ulti
mately the stability of the OGDL is dependent on the unbound 
condition of the aggregate. 

In practice, the Aggregate Index Number should not be 
considered a substitute for petrographic evaluation of highway 
aggregates . Petrographic analysis is a primary tool in aggre
gate evaluation particularly with respect to mineral compo
sition (e.g., minerals may be susceptible to weathering), con
sistency, particle shape, and structure (e .g., foliation, cleavage, 
and bedding planes). A thorough petrographic evaluation 
should be carried out to eliminate aggregates unsuitable 
regardless of their Aggregate lndex Number. Nevertheless, 
as this investigation has shown, the interrelation between 
Aggregate Index Number, gradation size, and support com
pressibility does reveal important trends that can assist the 
engineer to choose between aggregates that are potential 
candidates for OGDL construction. 
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Characterization of Aggregate Shape 
Using Fractal Dimension 

JAMES R. CARR, GARY M. NORRIS, AND DAVID E. NEWCOMB 

A fractal is a term used in geometry to describe an object the 
shape of which is intermediate between topological ideals. A 
fractal object is described by a fractal dimension . Such a param
eter describes the deviation that a line, surface, or volume has 
from a topological ideal. For example, an ideal topological line 
has a dimension equal to 1, and an ideal plane has a topological 
dimension equal to 2. A fractal line, though, has a fractal dimen
sion greater than 1, but less than 2, and a fractal surface has a 
fractal dimension greater than 2 but less than 3. As an experiment, 
the distance can be measured between two arbitrarily located 
points on a coastline. By using different rulers of progressively 
smaller sizes, the measured length will be found to increase as 
ruler size decreases. This epitomizes fractals. If the number of 
rulers required to travel between two points is called N and the 
ruler length is called y, then length Lis equal to Ny. For a fractal, 
the plot of log (N) versus log (y) yields a straight line; moreover, 
fractal dimension is equal to the absolute value of the slope of 
this line. Initial experiments show that circumferential traces of 
aggregate are fractal lines, with dimensions between 1 and 1.3. 
In general, greater fractal dimensions are found for rough, irreg
ular aggregate. Fractal dimensions approach 1 for circumferential 
tracks of smooth, rounded pieces and for flat, elongated pieces. 
Lower fractal dimension are also found for aggregate where shapes 
approach ideal, angular shapes, such as squares or triangles. 
The fractal dimension, therefore, appears promising for the 
characterization of aggregate. · 

Mineral aggregates are critical components of construction 
materials and are used by themselves as low-traffic-volume 
road surfaces and base layers for higher trafficked pavements. 
Aggregates make up approximately 95 percent of the weight 
in asphalt concrete . Thus, the characteristics of mineral aggre
gates can dictate the performance of the structures in which 
they are used. 

As important as aggregates are to the performance of con
struction materials, there are relatively few methods to quan
tify their contribution to performance. This is particularly true 
with respect to the surface characteristics such as particle 
shape, roughness, and surface charge. Those attributes are 
important to the interaction between the grains and to the 
interaction between the aggregate and whatever binder may 
be present in the material. Most tests that provide information 
on aggregate surface quality are subjective or are based on 
arbitrarily defined parameters. 

In asphalt concrete, particle shape has been related to the 
optimum binder content, the quantity of air voids, the work
ability, the shear resistance, and the tensile strength of the 

J. R. Carr, Department of Geological Sciences, Geological Engi
neering Division, University of Nevada, Reno, Nev. 89557. G. M. 
Norris, Department of Civil Engineering, University of Nevada, Reno, 
Nev. 89557. D. E. Newcomb, Department of Civil and Mineral Engi
neering, University of Minnesota, Minneapolis, Minn. 55455. 

mixture (1-3). Generally, it is desirable to have a somewhat 
angular shape in asphalt mixtures. Flat or elongated particle 
shapes are undesirable. 

The surface texture or roughness is dependent on the 
degree to which the aggregate is polished or dull. It is usually 
described in terms of being very rough, rough, smooth, or 
polished. The texture can affect the fatigue resistance, air 
voids, binder content, tensile strength, and stability of asphalt 
mixtures ( 4,5). 

Experiments are subsequently presented that attempt to 
quantify aggregate surface shape by using the concept of frac
tal dimension. In describing the geometry of aggregate by 
using the concept of fractals, it is hoped that a quantitative 
method is developed for the characterization of concrete 
aggregate shape that is more easily applied than existing 
methods. 

SUMMARY OF EXISTING METHODS 

Aggregate shape can be defined by methods such as those 
developed by Krumbein (6) or Rittenhouse (7). The Krum
bein roundness number of a particle is expressed as 

roundness = r!R 

where r is the average radius of the corners of the projected 
image of the particle and R is the radius of the maximum 
inscribed circle of the projected image. 

The Krumbein number can range from 0 to 1, though the 
typical range is from 0.1 (angular) to 0.8 (well rounded). 
Rittenhouse defined sphericity as the ratio of the diameter of 
a circle with an area equal to that of the projected area of 
the particle to the diameter of the smallest circumscribing 
circle of the particle. The range for sphericity is from 0 to 1, 
though the practical range is from 0.45 (elongated) to 0.97 
(very spherical). Charts have been developed for visual 
comparison of both these methods. 

Mather (8) proposed that the roughness of aggregate par
ticles could be described in terms of the arithmetic average 
deviation of the actual surface from the surface mean. As was 
discussed earlier, surface texture is usually subjectively rated 
as being very rough to polished. 

ASTM has a test method (D 3398) in which the particle 
index of an aggregate may be determined as an indication of 
the overall particle shape and texture. This method relies on 
the calculation of voids in the aggregate system at defined 
levels of compaction. These void quantities are then used in 
an equation that gives the particle index. The levels of com-
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paction used in this test were arbitrarily chosen, and there is 
no actual measurement of the aggregate surface geometry. 

A NEW APPROACH: FRACTAL 
CHARACTERIZATION 

Concept of Fractals 

Mandelbrot (9) illustrated the use of fractals in determining 
the length between two points (A and B) on the west coast 
of Great Dritain, which is very irregular anti complex (see 
Figure 1). The length of the coastline between A and B may 
be measured with a ruler of arbitrary length y. Beginning at 
point A, the ruler is placed end to end until point Bis reached 
(see Figure 2). A segment smaller than y remains at the end 
and is designated[ (see Figure 3). The length between A and 

N 

t 

LIVERPOOL 

GREAT BRITAIN 

FIGURE 1 Outline of the coast of Great Britain. Two 
arbitrarily located points, A and B, are shown. 

200 
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N 

t 

GREAT BRITAIN 

FIGURE 2 Attempt to measure the length between points A 
and B by using a 200-km ruler. 

N=N + i y 

= 8 +~,(this example) 

FIGURE 3 Demonstration of the concept of the remainder, f, 
left over when measuring the length by using a fixed-ruler 
length. 
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B can be calculated as 

L =Ny+ f (1) 

where y is the ruler length and N is the number of rulers 
placed end to end between the two points . Expressed another 
way, 

L = [ N + (fly)} (2) 

If a shorter ruler were used to repeat the measurement of 
length between A and B, the total length measured with the 
shorter ruler would exceed that measured with the longer one. 
The shorter ruler would sample bays and inlets that were 
bridged with the longer ruler. Thus, the scale of the ruler is 
important . 

The relationship between total length and ruler length can 
be expressed as 

L = [ N + (fly) }v (3) 

where Dis the fractal dimension (10). This parameter is also 
known as the Hausdorff-Besicovitch dimension as defined by 
Equation 3. It is also referred to as the divider, or compass, 
method fractal dimension, to acknowledge its calculation 
procedure. 

For a straight line, D has a value of 1. The topological 
dimension of a straight line is also unity. Therefore , the 
topological and fractal dimensions are equal. A fractal line, 
however, is where the fractal dimension is greater than unity. 

Equation 3 can be rewritten to become 

Ly-D = N + fly (4) 

Normalizing Equation 4 so that L 1, 

y-D = N + fly (5) 

Taking the log of Equation 5 yields 

- D log(y) = log (N +fly) (6) 

The value of D may be obtained as the negative slope of 
the plot of log (N + fly) versus log (y) for several different 
ruler lengths y (see Figure 4). Even where L of Equation 3 
is not equal to 1, its value would not affect the slope of the 
plot. 

In the example of the British coastline, suppose that three 
different rulers were used to measure the length between 
points A and B in Figure 1. Those rulers, along with the 
resultant N + fly values, are presented in Table 1. Figure 4 
is the log-log plot of those results indicating that the slope is 
-1.3 and, thus, D is 1.3. Therefore, the western coast of 
Great Britain is a fractal with a fractal dimension of 1.3. 

The coastal segment is an example of a deterministic fractal 
in that the fractal dimension is calculated deterministically. 
The western coast of Great Britain is also a self-similar fractal, 
where appearance (bays , spits, etc.) is similar regardless of 
the scale at which the coast is examined. 
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FIGURE 4 Log-log plot of results in Table 1. Slope of plot is 
- 1.3. Thus, fractal dimension is 1.3. 

TABLE 1 ATTEMPTS TO MEASURE LENGTH A AND B 
(FIGURE 1) BY USING THREE DIFFERENT RULERS 

y N + fly L: (N + f / y)y 

200 km 4.55 910 km 

100 km 10.75 1075 km 

50 km 28.25 1412.5 km 

Note: y values, in km, refer to the scale shown in Figure 
1. 

Fractal Characterization of Aggregate 

Peleg and Normand (11) apply the concept of the fractal 
dimension to the characterization of instant coffee particles. 
A fractal dimension is calculated for the silhouette of each 
particle following the procedure presented in Figure 5. The 
objective is simply the characterization of particle irregularity 
that has relevancy for the dissolution of the particle. The 
current study seeks to characterize aggregate shape by using 
fractal dimension. Because aggregates are particles similar in 
shape and profile to instant coffee particles, the Peleg and 
Normand study is a model for the application of fractals to 
the characterization of aggregate . 

Four example aggregates are presented in Figures 6-9. 
Those aggregates were photographed against contrasting 
backgrounds to obtain silhouettes. Dividers opened to dif
ferent ruler sizes and walked around the perimeter of each 
silhouette yielded the results indicated in Table 2. This pro
cedure follows Figure 5. It is noted in Table 2 that flat and 
elongated pieces have the lowest fractal dimension (i.e., the 
fractal dimension is 1.0). In contrast, water-rounded lime
stone and crushed pieces have greater fractal dimensions. 
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FIGURE 5 Richardson profiles. Two profiles show 
circumference measured with two different ruler lengths y [from 
Peleg and Normand (11)). 

• • 
1·••1•••1·•·1·1~·· · 1·••111•1"i1'•·1·•·r•·1·••·1•1•• · r••11141••·1••·1·1•1·•~··· 1 • p1· 1•1·•· 
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FIGURE 6 Rounded aggregate pieces. 

FIGURE 7 Flat and elongated aggregate pieces. 

Using photographs of silhouettes poses a problem. The 
silhouette of a flat, circular object is identical to that of a 
marble. Each silhouette will yield a fractal dimension of 1.0. 
On edge, the flat, circular object is rectangular (which may 
or may not yield a fractal dimension of 1.0). Therefore, it is 
perhaps desirable to photograph aggregate pieces from sev
eral perspectives to examine the fractal dimension for the 
entire piece. 

The fractal dimension of each aggregate is determined in 
Table 2 by using only three ruler lengths y. This small sample 
size was chosen because dividers were used to walk the perim-
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FIGURE 8 Crushed aggregate pieces . 

FIGURE 9 Water-rounded limestone pieces. 

eter of each silhouette (Figures 6-9). The fractal dimension 
will vary somewhat for such a small sample size , but, provided 
ruler lengths are selected greater than the minimum resolution 
of the photograph, this variability will be small. 

Application of the fractal technique in the manner proposed 
here requires the use of a camera. This is a practical method, 
nevertheless . Photographs are simply obtained of aggregate 
silhouettes (by photographing an aggregate piece against a 
contrasting background). Dividers are then used to measure 
the circumference of the silhouette. Finally, a fractal 
dimension is calculated on the basis of the results described 
previously. This is the total number of steps involved in this 
method. 

To demonstrate further the usefulness of the fractal dimen
sion for aggregate characterization, two photographs are 
chosen from Krynine and Judd ((12) , Figures 8.16, 8.17, pp. 
323-324]. Those figures contrast rounded aggregate (Figure 
8.16) with harsh (crushed, angular) aggregate (Figure 8.17). 
Each figure is a photograph of nine samples. Figures 10 and 
11 here indicate outlines for those pieces of aggregate . 

Those figures also show the fractal dimension calculated 
for the outline of each sample. Table 3 presents the summary 
of measurements used to calibrate each fractal dimension. 
The mean fractal dimension for the nine samples in Figure 
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TABLE 2 FRACTAL DIMENSION 
FOR EXAMPLE AGGREGATES 

yin . N +fly 

Rounded Pieces (Figure 6) 

D = 1.017 

4.45 
9.00 

18.00 

Flat and Elongated Pieces (Figure 7) 

V2 
y. 
Vs 
D = 0.983 

7.8 
16.0 
30.0 

Crushed Aggregate (Figure 8) 

V2 
v. 
Vs 
D = 1.083 

8.7 
17.4 
39.0 

Water-Rounded Limestone (Figure 9) 

D = 1.067 

3.6 
7.8 

16.0 

000 

0 
FIGURE 10 Traces (outlines) of nine samples 
of rounded aggregate [from Krynine and Judd 
(12) Figure 8.16, p. 323]. Numbers inside the 
outlines are sample numbers used in Table 3. 

10 is 1.056, and the mean fractal dimension for the samples 
in Figure 11 is 1.077. 

It may be useful to determine whether the fractal dimen
sions for Figures 10 and 11 are significantly different. If the 
null hypothesis is posed that 1.056 is equal to 1.077 (i.e., that 
the mean fractal dimensions are equal) , and a t-statistic is 

FIGURE 11 Traces (outlines) of nine samples 
of aggregate displaying various degrees of 
angularity [from Krynine and Judd (12), Figure 
8.17, p. 324]. Numbers inside the outlines are 
sample numbers used in Table 3. 
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used to test this hypothesis, the t-statistic for the two samples 
is -1.70. If further the alternative hypothesis is posed that 
1.056 is less than 1.077, then by using table values for the t
statistic for a one-tailed test, the null hypothesis is not rejected 
at the 5 percent significance level (the tablet value is -1.75) 
but the null hypothesis is rejected and the alternative hypoth
esis is accepted at the 10 percent significance level (the table 
t value is -1.34) . Further, by using a nonparametric Wilcoxon 
rank sum test, the sum of ranks for fractal dimensions in 
Figure 10 is 68, and for Figure 11 the rank sum is 103. For a 
one-tailed test at the 5 percent significance level, the table 
values for the lower sum and upper sum are 66 and 105, 
respectively. The sum for Figure 10 is 68, just inside this 
interval, so the null hypothesis that both samples are equal 
is not quite rejected. The I-test and the Wilcoxon rank sum 
test show that the difference between the fractal dimensions 
for the two aggregate groups, rounded and harsh, is almost 
significant for the 5 percent level and certainly significant at 
the 10 percent level. It does appear that the fractal dimension 
characterizes aggregate shape: the more angular (harsh) the 
aggregate is, the greater is its fractal dimension. 

DETAILED APPLICATION OF FRACTAL 
DIMENSION TO CHARACTERIZATION OF 
AGGREGATE 

A broader experiment is now complete where the concept of 
fractal dimension was applied to 30 different samples of aggre
gate . A fractal dimension for each aggregate sample is cal
culated as follows : 



TABLE3 FRACTAL DIMENSION RESULTS FOR FIGURES 10 AND 11 

Sample y(cm) N t f/y Sample y(cm) N t f/y 

1 1.0 6.30 1 1.0 7.70 
0.7 9.29 0.7 11. 43 
0.3 21. 30 0.3 29.00 

D = 1. 006 D = 1.101 

2 1.0 5.20 2 1.0 5.70 
0.7 8.00 0.7 8.79 
0.3 18.67 0.3 22 .oo 

D = 1. 050 D = 1.115 

3 1. 0 6.60 3 1. 0 7.40 
0.7 9. 71 0.7 10.64 
0.3 22.50 0.3 26.50 

D = 1. 014 D = 1. 063 

4 1.0 6.70 4 1.0 6.90 
0.7 9.70 0.7 10.29 
0.3 24.00 0.3 25.50 

D = 1.061 D = 1. 083 

5 1.0 8.3 5 1. 0 8.60 
0.7 12.20 0.7 13.00 
0.3 29.80 0.3 31. 67 

D = 1. 060 D = 1. 077 

6 1. 0 6.90 6 1.0 7.40 
0.7 10.29 0.7 10.86 
0.3 25.30 0.3 26.00 

D = 1.076 D = 1.041 

7 1.0 6.40 7 1.0 6.15 
0.7 9.57 0.7 9.36 
0.3 23.70 0.3 22.67 

D = 1. 084 D = 1.076 

8 1.0 7.10 8 1.0 6.20 
0.7 10.64 0.7 9.57 
0.3 26.00 0.3 23.30 

D = 1.074 D = 1. 091 

9 1.0 6.40 9 1. 0 7.80 
0.7 9.64 0.7 11. 50 
0.3 23.70 0.3 27.70 

D = 1. 083 D = 1. 050 

Mean D = 1. 056 Mean D = 1. 077 
Variance = 0.00082 Variance = 0.00056 
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1. The aggregate sample is photographed along with a 
ruler scale against a contrasting background (such as in Fig
ures 6-9). 

2. Calipers (dividers), set at different ruler lengths, are walked 
around the perimeter of the sample silhouette. The ruler length 
is determined from the scale shown in the photograph. 

3. A fractal dimension is calculated on the basis of the 
results from the second step (as is done in Tables 2 and 3). 
The three steps follow what is illustrated in Figure 5. 

Results for those 30 samples are presented in Table 4. A 
summary of the results for this table is as follows: 

Sample 

Rounded aggregate 

Rectangular prof 

Square profiles 
Triangular prof 
Elongated pieces 

No. of Samples 

10 (5, 6, 7, 9, 12, 13, 16, 
17, 18, 25) 
12 (2, 8, 10, 11, 14, 15, 
20, 21, 26, 27, 29, 30) 
2 (3, 4) 
5 (1, 22, 23, 24, 28) 
1 (19) 

Avg Fractal 
Dimension 

1.052 

1.120 

1.068 
1.110 
1.00 

This summary shows that the fractal dimension is a useful 
technique for characterizing aggregate shape. Angular pieces, 
such as rectangular, square, or triangular pieces, on average, 
have larger fractal dimensions than do rounded pieces. 
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CONCLUSIONS 

Existing methods for characterizing aggregate shape deter
mine the deviation of a particle from an ideal sphere . A fractal 
is any line, surface, or object that differs from a topological 
ideal, such as a sphere . The fractal dimension contributes to 
existing methods for concrete aggregate characterization. The 
greater the fractal dimension of a concrete aggregate silhou
ette, the more different this particle is from a topological 
ideal, which may be a square, rectangle, triangle, or sphere. 
Hence, the fractal dimension is sensitive to concrete aggregate 
shape deviation from any ideal shape and not just a sphere. 
In this manner, the fractal dimension contributes to existing 
shape characterization methods. 

This fractal technique is not proposed as a replacement for 
existing techniques. The Rittenhouse ratio describes round
ness: the closer the ratio is to 1, the more like a sphere the 
particle is. The Krumbein ratio describes angularity. A square 
particle, for example, has a low ratio because the four angular 
corners have minute radii. 

A square, though, is a good object to use in describing the 
difference between the fractal dimension and the Krumbein 
ratio. A perfect square has a fractal dimension of 1 (i .e., its 
perimeter has this fractal dimension) but has a Krumbein ratio 
less than 0.1. Suppose that on each of the four sides of the 

TABLE 4 FRACTAL DIMENSION RESULTS FOR 30 AGGREGATE SAMPLES 

Sample ID # Fractal Dimension Description 

1 1. 03 triangular profile 
2 1. 07 rectang profile 
3 1. 06 square profile 
4 1.075 square profile 
5 1. 00 rounded profile 
6 1. 00 round elong prof 
7 1. 00 rounded profile 
8 1.00 rectang profile 
9 1.10 round profile; 

one broken edge 
10 1.14 rounded rectangle 
11 1.17 rectang profile 
12 1. 00 round elong prof 
13 1. 08 rounded profile 
14 1.15 rec tang profile 
15 1. 00 rectang profile 
16 1.175 round elong prof 
17 1.155 rounded profile 
18 1. 00 rounded profile 
19 1. 00 elong rectangle 
20 1.275 rectang profile 
21 1.15 rec tang profile 
22 1. 22 triangle with one 

rounded edge 
23 1. 00 triangular prof 
24 1. 07 triangular prof 
25 1. 00 rounded profile 
26 1. 07 rectang profile 
27 1. 09 rectang profile 
28 1. 22 triangular prof 
29 1. 24 rectang prof'i le 
30 1.11 rectang profile 
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FIGURE 12 Artificial Koch curve constructed by using 
different sizes of isoceles triangles. The partial curve on the top 
represents an enlarged section. The Krumbein ratio would 
describe the global shape of this object. The fractal dimension 
describes not only the shape but also the finer detail, such as is 
shown in the top, more detailed portion of the curve. This finer 
detail relates to particle roughness. 

square a triangle is affixed where the apex points outward. 
Moreover, let the apex of the triangle have the same angu
larity as each of the four original corners of the square. This 
object will have the same or similar Krumbein ratio, but the 
fractal dimension will increase (i.e., it will be greater than 
1.0). 

The fractal dimension, therefore, is sensitive to the number 
of asperities present on the circumference of a particle. Like
wise, it can account for the presence/distribution of particle 
features as they grow smaller in size (i.e., transitioning from 
shape size features to surface roughness features). By con
trast, the Krumbein and Rittenhouse ratios are established 
only when the particle(s) are viewed as a whole and therefore 
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are limited to the "shape size" features. This is best seen in 
Figure 12, a figure of an artificial Koch curve constructed by 
using multiple scales of triangles. Its fractal dimension is 1.26 
(10). The Krumbein ratio for Figure 12, though, would be 
low because of the high angularity of this object. 

In summary, where the Rittenhouse ratio described form, 
the Krumbein ratio describes angularity and the fractal dimen
sion describes the presence or absence of multiple scales of 
asperities on the circumference of a particle. This relates to 
the roughness and texture of the particle surface. 
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Modifications to Resilient Modulus 
Testing Procedure and Use of Synthetic 
Samples for Equipment Calibration 

GERMAN CLAROS, W. R. HUDSON, AND KENNETH H. STOKOE II 

Modifications to the resilient modulus testing procedure (AASHTO 
T-274) and the use of synthetic samples for equipment evaluation 
and calibration are described. The modifications to the AASHTO 
T-274 were carried out to produce a testing protocol for use in 
the testing program of the Strategic Highway Research Program. 
The modifications were aimed at producing a more repeatable 
and less complicated test procedure. The main changes are the 
use of external linear variable differential transformers (L VDTs) 
for deformation measurements of all soil types and complete 
modification of the loading sequence and eliminating low deviator 
stresses, which produce high variability and high deviator stresses, 
which produce sample failure. The use of synthetic samples (poly
urethane) with well-known properties to calibrate and evaluate 
resilient modulus equipment is also described. Synthetic samples 
could be an excellent choice in the development of a standard 
procedure for calibration of resilient modulus equipment. 

The resilient modulus test for soils was orginally developed 
by Seed et al. (1) and was initially formulated for highway 
applications. Later, the test was applied to earthquake research. 

The resilient modulus is a measure of the "elastic" behavior 
(load-unload response) of the soil layer that may be in the 
nonlinear range. The resilient modulus can be used directly 
for the design of flexible pavements but must be converted 
to a modulus of subgrade reaction (k-value) for the design of 
rigid or composite pavements. 

Traditionally, this test measures the elastic properties of 
the unbound soils and requires specialized, and expensive, 
equipment. The test is also fairly difficult to perform. While 
the test is considered the state of the art, it is not widely 
accepted for routine application by state transportation 
departments. It was not until 1986 that the resilient modulus 
was formally accepted and included in the AASHTO Guide 
for Design of Pavement Structures (1986). 

The resilient modulus was selected to replace the soil sup
port value used in previous editions of the AASHTO design 
guide for the following reasons: 

1. It indicates a basic material property, which can be used 
in mechanistic analysis of multilayered systems for predicting 
pavement distresses such as cracking, roughness, rutting, and 
faulting. 

2. It has been internationally recognized as a method for 
characterizing materials for use in pavement design and 
evaluation. 

Center for Transportation Research, University of Texas at Austin, 
Austin, Tex. 78712. 

3. Techniques are available for estimating the resilient 
modulus of various in-place materials from nondestructive 
tests. 

The resilient modulus of cohesive subgrade materials or 
unbound base materials is determined in a repeated load triax
ial compression test, such as the one in Figure 1. The load is 
applied with any device capable of providing a variable load 
of fixed cycle and load duration. The test is conducted by 
placing a specimen in the triaxial cell. The specimen is subject 
to all-around confining pressure (cr3), and a repeated axial 
stress, rricrd = cr1 - cr3), is applied to the sample. During 
the test the recoverable axial strain E" is determined by meas
uring the recoverable deformation across a known gauge length 
or the total sample height. The resilient modulus is calculated 
by using the following expression: 

M - (Jd 
R -

E, 

where er d is cyclic deviation stress and E, is resilient strain. 

The test procedure for estimating the resilient modulus of 
a particular material depends on the material type. Materials 
with relatively low stiffnesses, such as natural soils, unbound 
granular layers, and even slightly stabilized layers, should be 
tested by using the resilient modulus test method (AASHTO 
T-274). Alternatively, the stiff materials, such as stabilized 
bases and asphalt concrete, may be tested by using the repeated
load indirect tensile test (ASTM D4123). 

The focus of this paper is the analysis of changes made to 
the testing procedure (AASHTO T-274) for determining the 
resilient modulus (MR) of soils and unbound granular layers 
for use in the Strategic Highway Research Program (SHRP). 
The use of synthetic samples with known moduli to test and 
calibrate MR equipment is also included. A calibration pro
cedure for MR equipment may be very important in SHRP, 
because several laboratories perform the resilient modulus 
testing. Uniformity of equipment and testing techniques is 
essential to obtain comparable data. 

CHANGES IN THE AASHTO T-274 TEST 
PROCEDURE 

The resilient modulus of soils and unbound granular mate
rials is commonly measured by using the AASHTO T-274 
procedure (2), although, unfortunately, some researchers have 
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FIGURE 1 Trioxiol test cell with test specimen in place. 

used variations of this test procedure, which has led to non
uniform results. Even if this test procedure were to be fol
lowed, different results could occur, given the very open na
ture of this test, which would allow the researcher to choose 
from various options in the procedure. Some experts in this 
area have pointed out that the T-274 procedure is not a "mature" 
test. Few state highway agencies or commercial testing 
laboratories routinely conduct resilient modulus testing. 
Therefore, most of the available data on the resilient modulus 
of soils and granular materials have been developed from 
research-oriented activities. Unfortunately, there are no widely 
used and accepted test procedures, and many agencies have 
expressed considerable dissatisfaction with the AASHTO 
T-274 procedure. 

To fulfill the testing needs of SHRP, experts were assem
bled in Austin, Texas in early April 1989. The AASHTO 
T-274 procedure and the draft version of the ASTM (Com
mittee D18.09) procedures were used as the base documents 
for SHRP protocol P-46, which was the most important 
modification to AASHTO T-274 made by the Austin group. 

Equipment 

The triaxial pressure chamber for AASHTO T-274 has two 
different layouts that allow the measurement of the resilient 
deformation using internal or externally mounted linear vari
able differential transformers (LVDTs). The use of internal 
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L VDTs on stiff samples increases the variability of results 
because it is very difficult to secure the clamps on the specimen 
to ensure that there is no movement. The sample also has an 
outer membrane, which can slip, inducing small clamp move
ments. A movement of 0.05 x 10- 3 in. in the clamps can 
change by 50 percent the resilient modulus of a sample with 
a 40,000 psi modulus when tested under a 2-psi deviator stress. 
On the other hand, fine plastic soils have much permanent 
deformation , which make the internal L VDTs slip out of range, 
forcing the test to be stopped, the triaxial chamber to be 
opened , and the LVDTs to be readjusted . The use of voltage 
suppressor knobs is not recommended because the core posi
tion in the L VDTs is physically out of the range of calibration. 
On the basis of this fact, the SHRP protocol uses an externally 
mounted LVDT, which measures the resilient deformation of 
the total sample height for all soil types and granular unbounded 
materials. The layout of the triaxial chamber for the SHRP 
protocol, presented in Figure 1, includes an internal load cell 
to eliminate the piston friction. 

The external loading source for the P-46 protocol is a closed
loop electrohydraulic system. Other systems, such as open
loop air or static weights, are not acceptable. The load dura
tion is 0.1 sec, and the cycle duration is 1 sec. This short load 
duration can not be achieved with an open-loop air system 
or static weights. The recently developed closed-loop air sys
tem has the capability to apply a 0.1-sec load duration if the 
resilient deformation is not very large. This type of system 
can be an alternative to the more complex electrohydraulic 
systems. 

A haversine stress pulse was chosen for protocol P-46 because 
it better represents the shape of a truck load on pavement 
(3) and is also similar to the load pulse applied by a nondes
tructive testing device , such as the Falling Weight Deflecto
meter. The triaxial chamber fluid for the protocol is air, and 
the chamber pressure should be monitored with pressure gauges, 
manometers, or pressure transducers with an accuracy of 0.1 
psi. The load cell and L VDTs to be used in this test are 
specified and depend on the sample diameter. This may ensure 
uniform accuracy of the load and deformation measuring 
devices. Recommended load cells and LVDTs are included 
in Table 1. The use of suitable recording devices, which allow 
simultaneous recording of axial load and deformation, is rec
ommended. The signal for the transducer should be free of 
noise . If filters are used, they should have a frequency that 
cannot attenuate the transducer signal. 

TABLE 1 RECOMMENDED LOAD CELLS AND LVDTS 
FORM . TESTING 

Sample Diameter 

(inches) 

2.8 

4.0 

6.0 

Load Cell Capacity 

(lb) 

100 

600 

1,400 

LVDTRange 

(inches) 

±0.05 

±0.10 

±0.25 
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Preparation of Test Specimens 

Specimen length should not be less than two times the diam
eter. The miminum specimen diameter is 2.8 in., or five times 
the nominal size. The compaction of fine plastic soils uses the 
AASHTO T-99 method. A partial face hammer (with 30 per
cent of the specimen area) is recommended. The number of 
blows per layer should be adjusted to reproduce the field dry 
density. Granular soils are compacted by using AASHTO T-
180. Manually operated vibrators (electric or air-driven) are 
an option for this type of soil. For fine nonplastic soils, a full 
face plate with a vibrating system can be used to obtain the 
desired dry density . 

Testing Procedure 

The load sequence during the test procedure depends on the 
type of soil to be tested. Two criteria were used for soil Types 
1 and 2: 

1. Soil Type 1 is all unbound granular base and subbase 
materials . Unbound subgrade soil has the following criteria: 
(a) less than 70 percent passing the No. 10 sieve and (b) a 
maximum of 20 percent passing the No. 200 sieve. 

2. Soil Type 2 is all unbound subgrade soil not meeting 
criterion 1. 

Because it is important to test soils at the levels of stress 
to which they will be subjected in a pavement structure, these 
soil definitions are different from those in AASHTO T-274. 
Subgrade soils, whether granular or fine cohesive, will be 
subjected to much lower stresses than the subbase and base 
materials. Therefore, the soils should be tested at lower stress 
levels . 

The loading sequence for soil Type 1 is presented in Table 
2. The a/a3 ratio has a maximum value of 3 to prevent the 

TABLE 2 SOIL TYPE 1 TESTING SEQUENCE 

Sequence Number 

2 

6 

10 

II 

12 

13 

14 

15 

Confining Pressure 

Cl3 (psi) 

10 

10 

10 

15 

15 

15 

20 

20 

20 

Devi.alor Stress 

Cid (psi) 

6 

10 

15 

10 

20 

30 

10 

15 

30 

15 

20 

40 

NumberofLoad 

Applicalions 

100 

100 

100 

100 

100 

100 

100 

100 

100 

100 

100 

100 

100 

100 

100 
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sample from failing. This condition was never followed in 
AASHTO T-274, and samples failed many times before the 
test was completed. The number of load applications after 
conditioning was reduced to 100 repetitions per each sequence. 
There is no change in the size of the deformation after the 
conditioning, and it is not necessary to wait for 200 load 
repetitions before recording deformations as is recommended 
in AASHTO T-274. 

The loading sequence for soil Type 2 (subgrade soils) is 
presented in Table 3. It can be seen that the test at zero 
confining pressure (u3 = 0) was eliminated because there is 
no realistic state of stress for a subgrade in a pavement struc
ture. The deviator stresses applied to the sample are 2, 4, 6, 
8, and 10 psi. The deviator stress of 1 psi was eliminated 
because experience has shown that the major dispersion of 
results is at this stress level. The high dispersion is the product 
uf Lhe small 1esilie11L Jefuu11aliu11, whid1 ca1111ul be measureJ 
accurately and sometimes is not bigger than the noise of the 
signal. 

The number of load repetitions was reduced to 100 for each 
load sequence, as for soil Type 1. This also allows the testing 
to be shortened. A failure criterion was included in the test 
to eliminate samples with large permanent deformations. A 
specimen is considered failed if the permanent deformation 
(vertical strain) exceeds 10 percent. 

The deviator stress and the resilient deformation are re
corded for the calculation of the resilient modulus during the 
last five loading cycles for soil Types 1 and 2. The forms in 
Figures 2 and 3 are recommended for this purpose. 

Calculations of the Test 

Calculations are performed by using the tabular arrangement 
forms in Figures 2 and 3. The mean and standard deviation 

TABLE 3 SOIL TYPE 2 TESTING SEQUENCE 

Sequence Nwnber 

2 

IO 

II 

12 

13 

14 

15 

Confining Pressure 

03 (psi) 

6 

6 

6 

6 

6 

4 

4 

2 

2 

2 

Devialor Stress 

C!d(psi) 

IO 

4 

10 

2 

6 

IO 

Number of Load 

Applicalions 

100 

100 

100 

100 

100 

100 

100 

100 

100 

100 

100 

100 

100 

100 

100 
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of the applied load and the recoverable deformation are cal
culated. The mean values are used to compute the deviator 
stress and the resilient strain. 

Test Report 

A report of the resilient modulus test should include the data 
forms (Figures 2 and 3) and a simple linear regression pre
dicting MR as a function of bulk stresses (0 = u 1 + 2u3). For 
soil Type 1, the regression equation has the following form: 

or 

For soil Type 2, the regression equation of MR should be 
expressed as a function of de vi a tor stress ( u d = u 1 - u 3) in 
the following form: 

or 

log MR = log K, + n 1 log ud 

The coefficient of determination (R 2
) is reported, and this 

value can be used to judge the quality of the test. Outlier 
points could be eliminated by using a statistical test for 
outliers. 

Limitation of the New Testing Procedure 

The modifications made to AASHTO T-274 to produce pro
tocol P-46 make this test more repeatable, but there are some 
problems still to be resolved. A summary of those problems 
follows. 

1. The measurement of the resilient deformation, using the 
external L VDT, assumes that the strain distribution in the 
sample is uniform, which is not correct as some researchers 
have found ( 4). Unfortunately, the measurements of strains 
in the middle portion of the sample are not reliable owing to 
the slight movement of the clamps, as was previously men
tioned. The only possibility is to use some type of noncontact 
transducer to make those measurements. Researchers at The 
University of Texas at Austin are experimenting with an 
electro-optical biaxial tracking system that will allow the mea
surement of deformation in the sample without contact. Because 
the strain distribution depends on the sample stiffness, a series 
of correction factors can be obtained by using an optical
tracking device to correct the resilient modulus obtained with 
external L VDTs. This correction is also dependent on sample 
stiffness. 

2. The test procedure has two loading sequences. The cri
terion for use is the type of soil to be tested. This criterion 
is incorrect because the most important factor should be the 
position of the soil in the pavement (subgrade, subbase, or 



Soll Sanple ____________ _ 

Locatlon--------------Smnple No. ____________ _ 

Specific Gr1Vlty ----------
Sot I Specimen Meas\rements: 

TCJP------------
Olmneter Mlddte ----------

Botttom --------
Average ---------

Membrane Thickness 

Net Diameter------------
Ht Specimen• Cap • Base _______ _ 

Ht Cap• Base------------
Initial Length, Lo----------
Inside Oineter or Mold --------

........ Nominal Load DeviaDr Man 
a...ber DmllDr Load Devillar Cell 

Sinn Radina (lb) LOld 
( lllPSI) (lb) 

3 J 
J 6 
J 9 

5 5 
5 10 
s IS 

10 10 
10 20 
10 JO 
15 10 

15 15 

IS 30 

20 15 

20 20 
20 40 

SOil Specimen Weight: 
Initial Wel!t't or Container 
*Wet Soll gms __________ _ 

Final Weight or Container 
*Wet Soll gms __________ _ 

Wel!t't Wet Soll Used---------

Soll Specimen Volume: 
ln1tlal Area, Ao 

tn2 <cm2>--------------
ln1tlal Volume, Ao Lo 
ln3 (cm3l _____________ _ 

Wet Density.per CkN/m3l -------
Compaction Water Content, We !Ii:-----
" Sat1ration -----------
Dry Density.per <kn/ml>--------

Standlrd Applied Reccwerable 

Date ___________ _ 

Compaction MethOd --------

Constants 

Vertical LVDT _________ _ 

Load Cell __________ _ 

Water Content Arter 
Res i 1 ience Testing 7' --------
Comments __________ _ 

Memt Std. Dev. or 
De.illion Devill« Defomwion Recoverable Recoverable Rec:ovc:nble 

Resilienl MR Bulk 
Su.in SIRSS Defomt•lion ofl.o.t Stress LVDT Deformation Dcfonnll.ion 

(lb) ( in psi) Read ins (inches) (inches) (inches) 

FIGURE 2 Form for resilient modulus test on soil Type 1. 



S-Oil Scwnple ____________ _ 

Location-------------
Scwnple No.-------------
Speclrlc Gravity-----------
Soll Specimen Me3Sl.Tements: 

T<>P-----------
Middle ----------
Botttom ----------

Di..-neter 

Average ----------
Membrane Thickness 

Net Diameter-------------
Ht Specimen+ Cap+ Base ________ _ 

Ht Cap• Base------------
Initial Length, Lo----------
Inside Diameter of Mold ---------

Praswc NominaJ LOld Dmaaor Mean 
Climlk Deviasar Cell I.Old Dcviao 

SlrCll (lb) LOld 
( in PSI) ltadina 

(lb) 

6 2 
6 4 

6 6 
6 8 
6 10 

4 2 
4 4 

4 6 
4 8 
4 10 

2 2 
2 4 

2 6 

2 6 

2 10 

Soil Specimen Weight: 
Initial Wei!11t of Container 
*Wet Soil gms ___________ _ 

Final Weight of Container 
*Wet Soil gms ___________ _ 

Wei!11t Wet Soi 1 Used----------

Soil Specimen Volume: 
Initial Area, Ao 
in2 (cm2) _____________ _ 

Ini tial Voll.me, Ao Lo 
in3 (cm3l _____________ _ 

Wet Density.pcf (kN/m3l --------
Compaction Water Content, We X ------
3 Saturation------------
Dry Density.pcf (kn/m3>---------

Scmdmd Applied Recoverable 

Date ____________ _ 

Compact:oo Method--------

Constants 

Vertical LVDT _________ _ 

Load Cell __________ _ 

Water Content After 

Resilience Testing 3 ----- ---

Comments ___________ _ 

Mean Std. Dev. of Rcsilialt Rcc:ovenblc 
~ Devi.a Deformation Recoverable Recoverable Suain Resilient Modulus 
of I.Old Siress LVDT Dcfonmlicn Dctomwion Deformation MR= 

(lb) ( in psi) Reading (inches) (inches) (incla) 

FIGURE 3 Form for resilient modulus test on soil Type 2. 
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base) and not the type. A more rational approach would be 
to have loading sequences for testing subgrades, subbases, 
and bases based on average pavement structures. 

3. The stress levels of the loading sequences were reduced 
to reflect a more realistic state of stresses in pavement layers, 
but they are still fairly large. Those stresses applied to soils 
produce a wide range of strains, as is indicated in Figure 4. 
For example, soil A-2-6 can have strains going from 3 x 10- 3 

to 3 x 10-2 percent when tested as soil Type 2. The wide 
variation on the slope of the relationship E versus strain 
observed in Figure 4 makes the characterization of this soil 
more imprecise if the secant slope is calculated. If the testing 
stress levels were reduced to comparable stresses in the pave
ment structure, then the strain range will be smaller and the 
characterization will be more accurate. The same analysis is 
true for soil A-7-5. 

4. The linear regression models used to predict the resilient 
modulus have deviator stress (rrd) and bulk stresses (0) as 
independent variables for soil Types 1 and 2, respectively. 
Those independent variables are not the best predictors of 
the resilient modulus. Other variables, such as resilient strain 
(e,) and confining pressure (rr3), have coefficients with a higher 
correlation with MR. As an example, the following regression 
models were tested for the same set of data (A-2-6 soil): 

Model 1: 

MR = 65629 rr;j1 ·552 R1 0.61 

1.0 0 0 
llC c 

" ! E 
w • iii = 

• ~ 0.9 
:a ii -; ,, ! 
0 i :I ,, :::E 0.8 

• .5l 
.!:! • ii .!! 
E w .. I 
0 

111 0.7 z E w • 

0.6 
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Model 2: 

R1 0.85 

Model 3: 

MR = 906.6 (J~ 1252/E~ 3756 R2 = 0.87 

Models 2 and 3 give the highest coefficient of correla
tion (R2

) for the same set of data, and therefore, those 
independent variables are better predictors of MR. 

CALIBRATION OF RESILIENT MODULUS 
EQUIPMENT USING SYNTHETIC SAMPLES 

If accurate results are desired, the resilient modulus test requires 
very good calibrations of each one of the transducers and the 
complete device. Calibrations of the load cell and the L VDTs 
are standard procedures, but those calibrations do not test 
the complete equipment. A multilaboratory calibration will 
be necessary for SHRP if comparable data results are expected. 
To test the complete MR equipment and to be able to compare 
results between laboratories, some kind of standard material 
is required. Some researchers have used standard sands for 
this purpose, but the sample preparation could be another 
factor in the variation between laboratories. 

Range of Strains 
A-7-5 

Range of Strains 
A·2·6 

o.s.-~~~--~--.~ ...... -.--. ................. ..-~~~..-~ ...... ~.--....--.-"9"'" ...... ...-~~~-.-~--.~----.--..-. ..... -4 

10· 4 10· 3 io· 2 io· 1 

Strain (%) 
FIGURE 4 Normalized Young's modulus: vertical strain general relationship. 
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The authors have been developing polyurethane specimens 
for equipment calibration. The complete characteristics of 
these sample are presented in a companion paper in this Rec
ord. Typical shear-modulus versus shear-strain and shear
modulus versus confining-pressure curves for one specimen 
are indicated in Figures 5 and 6, respectively. 

The use of those specimens for equipment calibration has 
the following benefits: 

1. The properties can be accurately determined by indepen
dent methods, such as the resonant column test, the torsional 
shear test. 

2. Specimens with any reasonable subgrade stiffness 
(from about 2,500 to 100,000 psi, Young's modulus) can be 
manufactured. 

3. Identical specimens can be manufactured for testing by 
different laboratories. 

4. The properties are essentially independent of stress and 
strain so that flaws or limitations or both in the measurement 
systems can be evaluated. 

5. Test procedures can be developed and evaluated be
cause the properties of the specimens are known and constant 
with time. 

It is the fifth benefit that makes the use of those specimens 
so important in the evaluation and calibration of equipment. 
The specimens will permit a systematic evaluation of the stress 
and strain measurement procedures to he evaluated so the 
most appropriate procedures can be logically selected and 
their limitations determined. 

Synthetic samples (polyurethane) with three levels of stiff
ness were cast for calibration of the resilient modulus equip
ment at The University of Texas at Austin and at The Uni
versity of Texas at El Paso, as part of Research Study 2/3-10-
8-89/0-1177, sponsored by the Texas State Department of 
Highways and Public Transportation. The samples were named 
synthetic 1 (TU960), with Young's modulus of approximately 

115000 I 
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:i: 100000 
I... 

"' QJ 
.t::. 
(/) 

75000 

1 11 mr·-·rT-rT111n-.. ··r--1·-rt1mr ··-·1--1 ·rrnl 

0- Do • 6 psi 
CJ- Do • 12 ps1 
A- Do • 24 psi 
0- Do • "'B psi 

~ 

FIGURE 5 Shear modulus versus shear strain for synthetic 3 
(TU700). 
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FIGURE 6 Shear strain versus confining pressure for 
synthetic 3 (TU700). 

40,000 psi; synthetic 2 (TU900), with a modulus of 8,000 psi; 
and synthetic 3 (TU700), with a modulus of 2,500 psi. 

Sample Testing Using Resonant Column and MR Test 

These samples were tested for preliminary comparison by 
using the resonant column and the MR equipment. The moduli 
obtained by each of the testing devices were then compared. 
The resilient modulus for synthetic 1 (the stiffest) showed a 
much lower modulus (around 50 percent) than the one obtained 
in the resonant column. The resilient modulus for samples 2 
and 3 were also somewhat lower (around 10 to 15 percent). 
Those resilient moduli were calculated without considering 
that the internal load cell also deflects under load. Those small 
deformations need to be subtracted from the deformation 
measured by the external LVDTs. A calibration of the load 
cell deflection was obtained for three seating pressures and 
is shown in Figure 7. By using this calibration, the resilient 
modulus values were corrected and plotted in Figures 8-10 
for samples 1, 2, and 3. Because the resonant column mea
sures shear modulus, those values were transformed to Young's 
modulus values by using the elastic relationship between E 
and G . 

E = 2G(l + µ) 

where 

E = Young's modulus, 
G = shear modulus, and 
µ = Poisson's ratio. 

The Poisson's ratios of the synthetic samples were measured 
statically (5) and their values are as follows: Sample 1, µ = 
0.39, and Samples 2 and 3, µ = 0.5. 

Figures 8 10 indicate that the moduli obtained with the 
resonant column and the MR equipment are comparable, but 
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samples 1 and 2, when compared with those shown in sample 
3, indicate a greater disparity between modulus values. The 
modulus variation in sample 1 obtained with the MR equip
ment is also greater than the moduli in the outer two samples. 
This difference results because the resilient deformation in 
sample 1 is very small and is very difficult to measure. 

Sample Testing Using Torsional Shear 

To investigate further the influence of loading frequency on 
the synthetic samples, a series of torsional shear tests was 
performed (5). 

The results of those tests show that the moduli of those 
samples are frequency dependent, as is shown in Figure 11 
for synthetic 3. This plot shows the low frequency for the 
torsional shear and the high frequency for the resonant col
umn. The resilient modulus has a load duration of 0.1 sec, 
which leads to a frequency of 5 Hz if half the period is 
considered. 

The shear moduli of those samples, using the torsional shear 
test, depend on the frequency of loading at fixed shear strain 
amplitude. On the other hand, the resilient moduli depend 
on the deformation amplitude at loading (resilient strain), 
because the loading frequency for the MR test is fixed to 5 
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Hz for a load duration of 0.1 sec. To compare both tests, a 
series of repeated modulus determinations was performed at 
the same deformation amplitude and frequency (5 Hz) . The 
results of those tests and the descriptive statistics are included 
in Table 4. The shear strain (-y) was transformed to axial strain 
(E 0 ) for comparison with the MR test, using the expression 

Ea = (l + µ) 

where 

Ea = axial strain, 
'Y = shear strain, and 
µ = Poisson's ratio. 

The test results in Table 4 indicate that sample 1 (TU960) 
measured modulus had a 2.5 percent difference by using those 
tests, which in practice is very small. A statistical test (two
sample test) shows a significant difference between the means, 
indicating that the two sets of data are different, but for all 
practical purposes a 2.5 percent difference is not significant. 

The moduli obtained for sample 2 (TU900) with both tests 
show that there is a larger discrepancy in the results (about 
12 percent difference). This discrepancy may be explained by 
the fact that the load cell deflection calibration was done for 
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FIGURE 11 _Shear modulus versus loading frequency for synthetic 3 (TU700). 
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TABLE 4 MULTIPLE TEST RESULTS FOR SYNTHETIC SAMPLES 

Resilient Modulus Test Torsional Shear Test 

NIUllberof Mean Slandanl Coefficient of Number of Mean Slalldard Coerricient of 
Sample Tests (psi) Deviation Variation (pcn;ent) Tests (psi) Deviation Variation (percent) 

Sample I 25 40,630 144.5 0.35 

(TU960) 

Sample2 45 7,288 178.5 2.4 

(TU900) 

Sample 3 25 2,388 12.4 0.5 

(llJ700) 

sample 1, the stiffness of which is higher than that of sample 
2. Because the MR is a dynamic test, the static solution to 
subtract the load cell deflection from the total deflection mea
sured by the external LVDT may not be applicable. The 
authors are currently studying, through the use of accelero
meters, the displacements of different parts of the MR device 
during testing to locate the best reference point for measuring 
sample deformations that eliminate the load cell deflections. 

Repeated torsional shear tests for sample 3 are not available 
because of limitations in the torsional shear equipment that 
induce large deformations in soft specimens. A shear modulus 
value for sample 3 can be obtained from Figure 11 at a 5-Hz 
frequency. This value is approximately 103,000 psf, or a Young's 
modulus of 2,145 psi, for a Poisson's ratio of 0.50. If this value 
were to be compared to the modulus value obtained by using 
the MR equipment (2,388 psi), then an 11 percent difference 
would be observed. Again, this discrepancy is explained because 
the load cell deflections are not corrected proper! y. 

There is a general tendency to make a static analysis of a 
dynamic test, as is the case of the MR test. The MR test 
needs to be analyzed dynamically to understand better the 
limitations of the test and the equipment used. 

CONCLUSIONS 

The following conclusions can be drawn: 

1. The modifications to the AASHTO T-274 procedure are 
moving in the right direction, although further improvements 
are necessary. 

5 39,070 323.2 0.82 

5 8,266 17.09 0.2 

2,145 

2. The test procedure in protocol P-46 is repeatable and 
easy to perform and could be adopted as the standard pro
cedure because it is specific. Perhaps it is still not the ideal 
test, but it is a base for further development. 

3. Polyurethane samples with a range of stiffness are 
very useful in calibration and for familiarization with MR 
equipment. 

4. Synthetic samples have the potential to become standard 
in the procedure for MR equipment calibration. 
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Development of Synthetic Specimens for 
Calibration and Evaluation of MR 
Equipment 

KENNETH H. STOKOE II, DoNG-Soo KrM, AND RoNALD D. ANDRUS 

Laboratory measurement of the deformational characteristics of 
subgrade materials can be quite difficult because of the small 
values of stress and strain typically involved and the need to 
eliminate equipment compliance. Measurement of resilient mod
ulus (MR) of subgrades falls into this category. Therefore, syn
thetic specimens with known stiffness characteristics would be 
beneficial in evaluating and calibrating MR equipment as well as 
training personnel. Two-component urethane elastomer resins 
are shown to make good candidates for calibration specimens. 
They can be made with a wide range of stiffnesses that vary from 
soft subgrades to stiff uncemented bases. Urethane can be J?~d
eled as a linear viscoelastic material with stiffness charactenst1cs 
essentially ind;pendent of confining pressure, strain amplitude, 
and stress history for the type of cyclic loading used in MR testing. 
Urethane stiffness is, however, dependent on loading frequency 
and temperature. Therefore, values of Young's modulus used to 
equate to MR have to be selected at the appropriate frequency 
and temperature. 

Laboratory measurement of the deformational characteristics 
of subgrade materials in the linear and nonlinear ranges can 
be performed by various cyclic and dynamic methods. Accep
tance of the resilient modulus (MR) as a measure of the defor
mational characteristics of subgrades (1) has resulted in the 
use of a number of different systems to perform such measure
ments. The strengths and weaknesses of those systems deserve 
further study for optimum use. Experience gained in applying 
the cyclic triaxial test in geotechnical earthquake engineering 
has shown that great care must be exercised in evaluating the 
deformational characteristics of geotechnical materials at small 
(E < 0.001 percent) to intermediate (0.001percent<E<0.1 
percent) strains or significant inaccuracies can occur (2-4). 

One means of evaluating the performance of MR equipment 
is to use the equipment to test specimens with known stiffness 
characteristics. (Such specimens are referred to as calibration 
specimens.) Values of MR determined with the equipment 
can then be compared with stiffnesses of the calibration spec
imens that have been established by independent tests. If 
there are differences between the measured and calibration 
stiffnesses, then modifications to the equipment or procedures 
or both can be undertaken. 

The purpose of this paper is to discuss the development of 
calibration specimens. Synthetic materials, rather than real 
soils, are used to construct such specimens. The stiffnesses 
are conveniently evaluated in terms of Young's modulus, E, 
which is taken to be equal to MR for this material. Use of the 

Department of Civil Engineering, The University of Texas at Austin, 
Austin, Tex. 78712. 

calibration specimens with MR equipment is discussed in a 
companion paper in this Record. Synthetic specimens have 
advantages: (a) They are easy to construct in the appropriate 
sizes for MR equipment, (b) have physical characteristics that 
remain constant with time, and ( c) have stiffness properties 
that can be determined by independent tests, and ( d) can be 
repeatedly tested as desired by different personnel and lab
oratories or both. Specimens made from urethane elastomers 
have those characteristics. 

CALIBRATION SPECIMENS 

Calibration specimens were constructed by using a two
component urethane elastomer resin system manufactured by 
Conap, Inc., of Olean, New York. The first component con
sisted of dicyclohexylmethane-4,4' -diisocyanate for all spec
imens. The second component consisted of diethyltoluene 
diamine for specimens TU-700 and TU-900 and 4,4'-methyl
enedianiline for specimen TU-960. One key characteristic of 
urethane elastomers, also called polyurethanes, is their very 
broad hardness range. Specimens can be formed with hard
nesses (stiffnesses) ranging from that approximating a very 
soft subgrade to that approximating a stiff, uncemented base. 
Unlike other plastics, the hardness of polyurethane is gov
erned by the molecular structure of the prepolymer (5) and 
not by the addition of plasticizers and fillers. As a result, 
constructing specimens of a preselected stiffness is straight
forward a task that can be difficult with other synthetic mate
rials. U~ethanes are also tough, durable, and have a high 
resistance to abrasion, weather, ozone, oxygen, and radiation. 

Three individual mixtures were used to create synthetic 
specimens (Conathane® TU-700, TU-900, and TU-960) for 
this study. Casting procedures outlined by the manufacturer 
were followed. Each component was measured according to 
the specified accuracy and mix ratio. Disposable plastic con
tainers were used for both weighing and mixing for ease in 
handling and cleanup. The two components were mixed thor
oughly and then degassed for about 5 min to remove entrapped 
air caused by mixing. For effective degassing, the manufac
turer recommended a vacuum of 28 to 29 in. of mercury (14 
psi), a factor the authors found to be important. The working 
life of the mixture was about 20 min so that once mixing was 
started, construction progressed quickly. 

Before pouring, a mold release (Conap® MR-5002) was 
applied to the inner surface of the cylindrical mold. The degassed 
mixture was then carefully poured into the mold in a manner 



64 

that attempted to minimize the trapping of air bubbles . Never
theless, several tiny air bubbles would always become trapped 
during the pour. The trapped air bubbles would slowly move 
upward in the mixture and collect at the top. As the mixture 
cured, 1 to 1.5 percent shrinkage occurred. When a closed 
mold was used, even if vent holes were added at the top, the 
effects from the bubbles and shrinkage were unfavorable . 
These unfavorable effects were eliminated by (a) using a mold 
that was completely open at the top and (b) warming the mold 
and freshly poured urethane with a hair dryer, heating tape, 
or oven. 

A curing time of 7 days was recommended by the manu
facturer. However, the specimen could be removed from the 
mold after 1 day. As with most polyurethanes, it was necessary 
to wear gloves and work in a well-ventilated area when 
handling unmixed and uncured materials. 

Both acrylic split molds and metal pipe molds were tried. 
The metal pipe mold was the simplest to use. However, a 
pipe of the proper dimensions may require special ordering, 
and an extruder is needed to push the cured specimens out 
of the pipe. Molds having diameters of 1.4, 2.0, and 2.8 in. 
and lengths of 2 to 3 times the diameter were used. The top 
inch of the cured urethane specimens was cut off, and the 
end was machined flat and perpendicular to the cylindrical 
axis by a surface grinder. Removal of the top inch of the 
specimen also had the beneficial effect of eliminating material 
with bubbles in it because bubbles tended to collect there. 

The majority of the spec:imens used in this initial study were 
2.8 in. in diameter and 5.6 in. long. Unit weights for those 
specimens ranged from 65 to 67 pcf. 

Since completion of the initial study, the authors have con
structed additional specimens not presented here. The ure
thane material was purchast:<l locally in 2- to 3-ft long rods 
of specified hardnesses (hardness and stiffness are related in 
Figure 13). The rods were then cut in desired lengths, and 
the specimens were machined to their final dimensions. Hap
pily, this approach eliminated the rather messy casting process 
used initially. The main hurdle in machining precise circular 
cylinders is the tendency of soft urethane to bend away from 
the cutting tool. This problem has been overcome through 
the use of a surface grinder. 

TEST EQUIPMENT AND PROCEDURES 

Once the calibration specimens were constructed, the defor
mational characteristics of each had to be measured by several 
independent methods to establish the stiffness characteristics 
of the material. The specimens became reference specimens 
with known stiffnesses for use in evaluation of MR equipment 
and test procedures. Static compression, torsional resonant 
column, and slow cyclic torsional tests were used to establish 
the stiffness characteristics and to evaluate variables affecting 
them. 

Static Compression Testing 

Static measurements of Young's modulus and Poisson's ratio 
were determined by using the test setup shown in Figure 1. 
Axial loads were applied by placing known weights concen
trically on top of each urethane specimen. A special top cap 
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axial strain. Ea= t.L/ L 
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a) AxiaJ Strain Measurement 

Urethane 
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Tnrget 

radial strain. er= t.D ID 
where : t.D = dl + d2 
Poisson's ratio, u • • er I Ea 

b) Radial Strain Measurement 

FIGURE I Configuration of equipment used to perform static 
compression measurements. 

was used to align the weights concentrically. Proximitor probes 
and targets positioned near the middle of the specimen mea
sured the axial and radial deformations. Those proximitors 
(MicroProx® Proximity Transducer System manufactured by 
Bently Nevada, Minden, Nevada) were capable of measuring 
displacements to within an accuracy of 0.000005 in. To ensure 
concentric loading, proximitors were located on opposite sides 
of the specimen, and their outputs had to exhibit deformations 
within 5 percent of each other for measurements to be accepted. 

By using the relationships given in Figure 1, axial and radial 
strains were determined. Static Young's modulus or modulus 
of elasticity, E, was then calculated from 

(1) 

where rr0 is axial stress and E0 is axial strain. 

Poisson's ratio, v, was determined from the ratio of radial 
strain to axial strain: 

(2) 

where e, is radial strain. 

The testing procedure was simply to add a load and then 
measure the resulting deformation. Measurements were 
made about 1 min after application of each load when the 
proximeter signal had stabilized. 

Torsional Resonant Column Testing 

Resonant column equipment of the torsional fixed-free type 
was used. A simplified diagram of a fixed-free resonant col-
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umn is supplied in Figure 2. In this configuration, the bottom 
of the test specimen is fixed to the base with a hard epoxy 
glue. The top (free end) is connected to a drive system used 
to excite and monitor torsional motion. The basic operational 
principle is to vibrate the cylindrical specimen in first-mode 
torsional motion. Once first mode is established, measure
ments of the resonant frequency and amplitude of vibration 
are made. Those measurements are then combined with 
equipment characteristics and specimen size to calculate shear 
wave velocity, shear modulus, and shearing strain amplitude 
(6,7). 

By using the wave equation, the basic data-reduction equa
tion can be expressed as (8) 

II I0 = ( w,L!Vs) tan ( w,L!V,) 

where 

I = mass moment of inertia of test specimen, 
I 0 = mass moment of inertia of drive plate, 
w, = resonant circular frequency, 
L length of the specimen, and 

Vs = shear wave velocity. 

(3) 

Once the value of shear wave velocity is determined from 
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FIGURE 2 Configuration of fixed-free resonant 
column test and typical test results. 
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Equation 3, shear modulus G and Young's modulus E are 
calculated from 

G = p v; 

E = 2G (1 + v) 

(4) 

(5) 

where pis mass density of the urethane. The value of Poisson's 
ratio was taken from the static compression tests. 

Shearing strain 'Y is calculated from the peak rotation of 
the top of the specimen at 0.67 times the radius (6,7). By 
following standard procedures in relating cyclic triaxial and 
resonant column results, the axial strain compatible with this 
shearing strain is then (9) 

Ea = -y/(1 + v) (6) 

In applying Equation 6, the material is assumed to be 
homogeneous and isotropic. 

Torsional Shear Testing 

The torsional shear test is another method of determining 
shear and Young's moduli, using the same resonant column 
equipment but operating it in a different manner. In this test, 
a cyclic torsional force with a given frequency, generally below 
10 Hz, is applied at the top of the specimen. Instead of deter
mining a resonant frequency, the stress-straiR hysteresis loop 
is determined from measuring the torque-twist response of 
the specimen. Proximitors are used to measure twist, and the 
current applied to the coils is calibrated to yield torque. Shear 
modulus G corresponds to the slope of a line through the end 
points of the hysteresis loop as indicated in Figure 3 and is 
calculated from 

G = -r/-y (7) 

where T is shearing stress and 'Y is shearing strain. 
Values of shearing strain are presented as single-amplitude 

values and are calculated at 0.67 times the radius of the spec
imen, just as in resonant column tests. When the torsional 
shear test is performed at low frequencies, 0.01 to about 1 
Hz, the inertial effect can be ignored. However, at higher 
frequencies, inertia significantly magnifies the amount of strain. 
The amount of strain caused by inertia can be estimated by 
using the dynamic magnification factor equation for a vis
cously damped single-degree-of-freedom system (8). This 
approach was followed in the calculations of shear modulus 
above 2 Hz but well below the resonant frequency. 

Once G and 'Y were determined, Young's modulus and axial 
strain were calculated from Equations 5 and 6, using a value 
of Poisson's ratio from the static compression tests. 

Torsional Testing Procedures 

Before testing in either the resonant or the torsional shear 
mode, each specimen was glued to the base pedestal and top 
cap by using a hard, 5-min epoxy. The glue was allowed to 
cure overnight. This approach, which had worked well in 
testing other materials, eliminated any seating problems in 
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FIGURE 3 Configuration of torsional shear test 
and typical test results. 

the tests. Each specimen was then tested under isotropic con
fining pressures ofO, 2, 4, 8, 16, 32, and 64 psi. Low-amplitude 
resonant column tests ('y < 0.001 percent) were performed 
at about 10-min time intervals at each pressure level. The 
tests are low-amplitude because the specimens exhibit linear 
behavior in this range (as well as at higher strains, as will be 
seen later). A series of those measurements at an isotropic 
confining pressure of 64 psi for each specimen stiffness is 
presented in Figure 4. The small-strain shear moduli reported 
for each specimen in subsequent figures and tables are the 
values calculated from measurements made 50 min after 
applying each confining pressure, even though the values were 
essentially independent of confinement time, as presented in 
Figure 4. 

A series of torsional shear tests was performed after fin
ishing low-amplitude resonant column tests at each confining 
pressure. The loading frequency and strain amplitude were 
varied in the torsional shear tests. Loading frequencies be
tween 0.01 and 40 Hz were used, and shearing strain ampli
tudes ranging from 0.0005 to 0.05 percent (single amplitude) 
were generated at each frequency. High-amplitude resonant 
column tests were then performed at the same strain ampli
tudes as was the torsional shear tests . Finally, low-amplitude 
resonant column tests were again performed to see if any 
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FIGURE 4 Variation in small-strain Young's modulus with 
time of confinement determined by resonant column tests 
with specimens confined at an isotropic pressure of 64 psi. 

changes had occurred in the low-amplitude modulus. Varia
tions in the low-amplitude moduli measured before and after 
high-amplitude testing were less than 3 percent and were 
considered to be within experimental scatter. 

A typical series of measurements at one confining pressure 
is listed in Table 1. One specimen was tested at two different 
times to study the repeatability of the measurements. The 
specimen was removed from the apparatus and then reglued 
to the top cap and base between testing. As is indicated in 
the table, values of modulus for the two test series are within 
3 percent , which indicates the high degree of repeatability. 
Smaller variations in modulus were observed if the specimen 
did not need to be reglued to the top cap and fixed base. 

CALIBRATION TEST RESULTS 

Factors involving material characteristics, specimen charac
teristics, and testing procedures need to be considered when 
developing calibration specimens. Material characteristics 
include the effect of the following factors: confining pressure 
(isotropic and anisotropic), strain amplitude, loading fre
quency, temperature , moisture, and time (e.g., changes with 
time of curing, ultraviolet radiation, as well as "creep" under 
load). Specimen characteristics include specimen length, 
diameter, uniformity, <lnd end conditions. Test procedures 
include load history, seating load, rest times, equipment 
stiffness, and reproducibility. 

This study started the initial steps in understanding the 
material and specimen characteristics of urethane calibration 
specimens. The effects of isotropic confining pressure, time 
under confinement, strain amplitude, loading frequency, and 
temperature have been evaluated. Specimen characteristics 
and the repeatability of the test results also have been studied. 
Testing procedures in terms of MR tests are addressed in a 
companion paper in this Record. 
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TABLE 1 TYPICAL SERIES OF MEASUREMENTS ON ONE 
SPECIMEN* FROM COMBINED RESONANT COLUMN/ 
TORSIONAL SHEAR TESTS AT ONE CONFINING 
PRESSURE 

Time,V Shearing Strain Shear Modulus, G, ksi 

Type of Test minutes y,% Trial 1 Trial 2 (reglued)" 

~ ~ 

Low-Amplitude 4 1 x 10·3 501 494 

Resonant Column 15 1 x 10-3 496 499 

25 1 x 10-3 503 493 

35 1x 10·3 501 497 

45 1 x 10-3 497 495 

55 1x10·3 503 497 

65 1 x 10·3 501 497 

~ll..l..t:iz. .u::t. ~ll..l..t:iz.~ 

Torsional Shear 90 5 x 10·4 332 351 382 330 355 

115 1 x 10-3 336 354 385 335 352 

140 5 x 10·3 333 357 390 335 354 

165 1 x 10·2 337 356 388 335 356 

190 5 x 10·2 341 361 392 340 361 

~ @.1.fll:k 

High-Amplitude 195 5 x 10·4 501 501 

Resonant Column 200 1 x 10·3 499 494 

205 5 x 10-3 492 497 

210 1 x 10·2 499 495 

215 5 x 10·2 498 494 

•Specimen: TU-900, Diame1er = 2.8 in., Length. 5.6 In.; a0 • 8 psi, T = 74° F 

V Time since application of isotropic confining pressure 

" Trial 2 was performed two days after trial 1 

Static Material Properties 

392 

386 

389 

388 

394 

Axial stresses ranging from 0.10 to 7.34 psi were applied to 
each unconfined specimen. Axial and radial deformations were 
measured for each load. Static Young's moduli and Poisson's 
ratio were determined on the basis of those measurements. 
The results are given in Table 2 and Figure 5. Static values 
of Young's modulus at small strains for the soft, medium, and 
hard specimens are 1,670, 6,550, and 32,300 psi, respectively. 
Less than a 2 percent decrease in modulus for the soft and 
medium specimens (TU-700 and TU-900) was found, and less 
than a 4 percent decrease in modulus for the hard specimen 
(TU-960) also was found over the time and strain ranges in 
the tests. The small decreases in modulus may be due to creep 
and nonlinear behavior or both. However, the small decrease 
is inconsequential for the cyclic MR testing, as will be discussed 
in the next sections. Average values of Poisson's ratio for the 
soft, medium, and hard specimens are 0.48, 0.50, and 0.47, 
respectively. Only small variations exist between values of 
Poisson's ratio determined at the different loads. Those results 
show that the urethane behaves fairly linearly at small static 
strains (axial strains less than about 0.3 percent). Stress-strain 
properties of various urethanes cited in the literature (5) are 
based on large strain elongation tests. Plastic deformation in 
those elongation tests occurs above strains of 1 percent. 

Etl'ect of Isotropic Confining Pressure 

As was outlined earlier, shear modulus was determined with 
resonant column and torsional shear tests at several confining 

TABLE 2 SUMMARY OF YOUNG 'S MODULUS AND 
POISSON'S RATIO MEASUREMENTS PERFORMED 
STATICALLY 

Material Axial Stress 

aa 
(psi) 

TU-700 0.10 

0.22 

0.33 
0.84 

1.35 

1.86 

2.37 

2.88 

3.39 

3.90 

TU-900 0.23 

0.74 

1.25 

1.76 

2.27 

2.78 

3.29 

3.80 

4.31 

4.82 

5.45 

6.08 

6.71 

7.34 

TU-960 0.51 

1.02 

1.53 

2.04 

2.55 

3.06 

3.57 

4.08 

4.59 

5.22 

5.85 

6 48 

7.11 

Axial Slrain" 

<a 
(10•3%) 

6.1 

13.1 

20.1 

50.2 

81.0 

111.0 

142 0 

172.0 

204.0 

235.0 

3.5 

11 ,3 

19.1 

26.9 

34.7 

42,6 

50.6 

58.5 

66.5 

74.5 

84.5 

94.2 

104.0 

114.0 

1.6 

3.1 

4.6 
6.2 

7.8 

9.4 

11 .1 

12.7 

14.3 

16.3 

18.3 

20.3 

22.4 

Young's 

Modulus 
E 

(psi) 

1698 

1672 

1666 

1680 

1672 

1677 

1671 

1668 

1666 

1664 

6562 

6544 

6549 

6546 

6539 

6526 

6512 

6498 

6485 

6473 

6454 

6454 

6458 

6452 

32903 

32983 

32992 

32771 

32661 

32458 

32242 

32145 

32104 

32015 

31880 

31882 

31759 

Poisson's 

Ratio 

0 47 

0.48 
0 48 

0.48 

0 48 

0.48 

0.48 

0.48 

0.48 

0.48 

0.48 

0.49 

0.50 

0.50 

0 50 

0.50 

0.50 

0.50 

0.50 

0.50 

0.50 

0.50 

0.49 

0.49 

0.48 

0.47 

0.48 

0.48 

0.47 

0.47 

0.47 

0.47 

0.47 

0.47 

0.47 

0.47 

0.46 

• Measurements were performed about 1 minute after applying each load 
Tested at 74° F 
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pressures. Young's modulus E was then derived from Equa
tion 5. The influence of isotropic confining pressure on small
strain Young's modulus for the three urethane specimens is 
shown in Figure 6. All moduli measurements were performed 
at an equivalent axial strain of about 6.7 x 10- 4 percent after 
50 min at each pressure. Moduli corresponding to zero con
fining pressure are not presented owing to the use of the 
log-log plot. However, essentially the same moduli were 
measured at zero confining pressure. 

Average Young's moduli determined by the resonant col
umn method for the soft, medium, and hard specimens are 
2,430, 10,070, and 52,000 psi, respectively. Note that Young's 
moduli determined by the resonant column method are greater 
than those determined by static testing. This difference is due 
to the effect of loading frequency, which will be discussed. 

Moduli measured at different confining pressures varied by 
less than 3 percent for each specimen. On the basis of those 
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FIGURE 5 Variation in static Young's modulus with axial 
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FIGURE 6 Variation in small-strain Young's modulus with 
isotropic confining pressure determined by resonant column 
tests. 

results and similar results obtained with the torsional shear 
method, the stiffness of the urethane specimens can be assumed 
to be independent of confining pressure, at least for pressures 
between 0 and 64 psi and for measurements performed at 
room temperature (- 74°F). 

Effect of Strain Amplitude 

Resonant column tests were performed at shearing strain 
amplitudes ranging from 0.0005 to 0.3 percent. Shearing strains 
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were converted to equivalent axial strains, using Equation 6. 
Poisson's ratios determined from static testing were used. 
Figure 7 presents the resonant column test results performed 
at zero confining pressure with the three specimens. As is 
seen in the figure, the modulus is essentially constant over 
the range of strains tested. The small amount of creep and 
nonlinear behavior or both observed under static loading had 
no effect on the modulus measured dynamically. 

To obtain a perspective on how the strains used in those 
tests compare with those generated in MR testing, the range 
in strains in the MR test are presented in Figure 8 for materials 
with stiffnesses ranging from 1,000 to 100,000 psi. In this 
figure, a range in cyclic axial stress of 1 to 20 psi has been 
used to calculate the strains. The data presented in Figure 7 
for the synthetic specimens have also been included. The 
strains used in resonant column testing of the medium and 
stiff urethane specimens completely extend over the strain 
range generated by following the AASHTO T274-82 MR test
ing procedure. The strains used in resonant column testing of 
the soft urethane specimen extend over about half of the strain 
range in MR testing. Therefore, the specimens have been 
calibrated over the proper strain range. 

Note that the wide range in strains generated in the MR 
test as the material changes from a stiff to a soft soil, as is 
shown in Figure 8. Strain is a key variable in predicting soil 
(subgrade) behavior (10), and a very stiff subgrade loaded 
with <iu = 1 psi should be expected to behave essentially 
linearly if e" - 0.001 percent. A very soft subgrade will behave 
very nonlinearly under the same cyclic stress because the strain 
will be on the order of 20 to 50 times greater. 

Torsional shear tests were also performed at similar strain 
amplitudes to demonstrate the effect of strain amplitude at 
frequencies other than resonance. Those data are sho,vn in 
Figure 9 for one specimen with the resonant column data also 
included. As is seen in the figure, Young's modulus of ure-
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FIGURE 7 Variation in Young's modulus with axial strain 
as determined by resonant column testing at zero confining 
pressure. 
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FIGURE 9 Variation in Young's modulus with axial strain 
for specimen TU-900 tested at various loading frequencies. 

thane is independent of strain amplitude at a given excitation 
frequency. However, it is dependent on loading frequency. 

Effect of Loading Frequency 

The effect of frequency can be easily evaluated by using a 
combination of resonant column and torsional shear tests. 
Moduli determined by the resonant column test are based on 
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first-made resonant frequency, which depends on the stiffness 
of the specimen and the mass moment of inertia of the drive 
plate. For the soft, medium, and stiff specimens, resonant 
frequencies were 27, 56, and 127 Hz, respectively. Loading 
frequency in the torsional shear test can be easily varied by 
changing the input frequency. 

Moduli determined by the resonant column and torsional 
shear tests at various loading frequencies and strain ampli
tudes are plotted in Figure 10. Note that Young's modulus 
increases with increasing loading frequency but is independent 
of strain amplitude. Values of static Young's modulus are also 
shown in Figure 10. Static moduli are very close to the moduli 
determined at a loading frequency of 0.01 Hz. This compar
ison shows the consistency between Young's modulus derived 
from static measurements and from the torsional shear test , 
also suggesting that appropriate values of Poisson 's ratio were 
measured. 

All moduli shown in Figure 10 are presented in a normalized 
fashion in Figure 11 by using the modulus of each specimen 
determined at 0.01 Hz as the basis for normalization . Note 
that the effect of frequency on modulus is essentially the same 
for each specimen. 

Effect of Temperature 

The effect of temperature on the urethane specimens is pres
ently under investigation. To date, only one specimen has 
been tested at temperatures other than room temperature, 
74°F. Moduli determined for this specimen (TU-900, 2.0-in. 
diameter) at three temperatures, various loading frequencies, 
and four strain amplitudes are plotted in Figure 12. Average 
Young's moduli determined by the resonant column method 
for temperatures of 61°, 74°, and 85°F are 10,400, 9,770, and 
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FIGURE 10 Variation in Young's modulus with axial strain 
amplitude and loading frequency as determined by cyclic 
torsional and resonant column tests at zero confining 
pressure. 
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FIGURE 12 Variation in Young's modulus with temperature 
for specimen TU-900 tested at various loading frequencies. 

8,720 psi, respectively, which reflects about an 0.8 percent 
change in modulus for each degree (1°F) change. The resonant 
frequency of the test specimen for this temperature range 
varied from 29.5 to 32 Hz. The effect of temperature decreased 
with slower loading frequencies. The change in modulus was 
less than 0.2 percent per degree (1°F) change at a loading fre
quency of 0.01 Hz. Those results provide a preliminary tem
perature correction factor that should be applied when using 
the specimens to calibrate MR equipment at temperatures 
other than 74°F. 
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The rate at which the urethane specimens regain strength 
after being heated and then coolerl has yet to be studied. 
Studies on polyurethane (5) have shown the rate at which 
strength is to be regained will depend on the temperature, 
chemistry, and molecular structure. When the synthetic spec
imen was heated to 85°F and then was allowed to return to 
room temperature, after 2 days the modulus had only returned 
to 96 percent of its original strength. This suggests that expos
ing the specimens to large temperature changes, especially 
after calibration, should be avoided. 

Relationship Between Material Stiffness and Hardness 

A common index test used when selecting synthetic elasto
mers is durometer hardness. The soft, medium, and hard 
specimens calibrated in this study have durometer hardnesses 
of A72.5, A90.5, and D60, respectively. Those hardness val
ues and corresponding static Young's modulus are plotted in 
Figure 13. The range in moduli shown in this plot is typical 
for uncemented highway subgrades. Thus, the relationship 
shown in Figure 13 could be very useful in the selection of 
future elastomeric calibration materials. 

CONCLUSIONS 

Cylindrical urethane specimens can be constructed with stiff
nesses ranging from very soft subgrade to stiff uncemented 
base. Three representative materials have been tested, using 
axial compression, torsional resonant column, and torsional 
shear testing techniques . On the basis of initial laboratory 
tests, urethane can be considered to be a linear, viscoelastic 
material with stiffness characteristics independent of confining 
pressure, strain amplitude, and stress history. Those prop-
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erties make urethane a good material to construct calibration 
specimens that can be used in the evaluation of MR equip
ment. Urethane stiffness is, however, dependent on loading 
frequency and temperature . Therefore, values of Young's 
modulus used to equate to MR have to be selected at the 
appropriate frequency and temperature. Interestingly, the effect 
of loading frequency is similar for specimens of different 
stiffnesses and can be normalized to form a single curve. 

Testing is presently underway that will characterize the ure
thane specimens further. Those investigations include the effects 
of large strains, long-term creep, biaxial and triaxial loading 
conditions, temperature, moisture, curing time, ultraviolet 
radiation, and specimen length and diameter. However, use 
of those has already been very beneficial in evaluations of MR 
equipment (see paper by Claros et al. in this Record). 
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Repeated Load Model for Subgrade Soils: 
Model Development 

LUTFI RAAD AND BASSAM A. ZEID 

A load deformation model for subgrnde oil. is developed, wh re 
total cumulative axial strain a.re correlated with a1 plied tresses 
and number of load repetition . The model is ba ed on the re ults 
of repeated load tests for a compacted silty cl;:iy. The concept f 
a constant failure strnin independent of load histo ry is presented 
and used in the propo ed model. Results of static 1riaxial te ts, 
low cyclic test , and repeated load tests are used to verify that 

the failure strain for given compaction condilinn and confining 
pressure i. essentially ind pendent of st res hi tory. Good agree
ment i btained between predicted strains and cxperim ntal val
ues from repeated load te ts. Model prediction are within ± 10 
p rcent of experimental results. 

Modern techniques for pavement de. ign and analysis utilize 
limiLing response criteria to control cracking and rutting in 
pavement structures. The behavior of the subgrade, in this 
case could be of major signifi 11ncc t the overall perfo1111arn.:e 
of th pavement. The re ilient: behavior of ubgradc soils has 
been defined in term f repeated ·tres ·e and recoverable or 
elastic strains. Those relations have been incorporated into 
multilayer analyses for the purpose of predicting the resilient 
re pollSe of pavements under repeated traffic loads (J -3). 
Limiting value in the critical re ponse parameter. are pro
po ' ecl by many rational design methods a a mean of achiev
ing satisfactory pavement performance. In the ca ·e of subgrade 
oils, such criteria are presented in terms of strains, nornrnl 
·tres · · and devia tor stresses on top of the subgrade layer. 
Tho e criteria have been determined in rwo different ways: 
Cir t , through the use of structural models to analy~e pave
ment of known performance (4 - 7) and, second , thrnugh 
laboratory testing of specimen under repeated tre. appli
cations (8- 10). Other permanent deformati n model , u b 
a tho e proposed by Barksdale (J 1) , Knutson et al. (12) , and 
Moni mith et al. (13), could be used to estimate the magnitude 
of subgrade strain t r a different number of load applications. 

me limitation of those criteria and p .rm anent deformation 
models are summarized: 

1. Subgrade normal strain criteria are derived through back
calculation procedures by using multil:iyer elastic analysis of 
pavements with known performance and, therefore , ignore 
the stress-dependent behavior of the pavement materials. 
Moreover, those criteria are uitable for similar pavement 
conditions and are not applicable, in general, to conditions 
of different pavement loading, materials , geometry, and 
environment. 

L. Rantl. Tnsc it'utc of Northern Engi neering, University of Alaska, 
Fairbitnk , Alaska l)l)77 . . l:l. A. Zeitl, Dar Al-Hantlassah (Shair and 
Partners) Beirut, Lebanon. 

2. Subgrade normal stress or strain criteria derived from 
laboratory tests do not explicitly account for the influence of 
changes in subgrade soil type, density, moisture content, and 
stress state on the accumulation of plastic strains under field
! ading conditions . Those criteria, expre ·sed in terms of lim
iting str ss s or trains are based on applicable permanent 
strain level in lab ratory sp cimcns and do not provid¢ tht: 
mechanism for predicting permanent strai ns in the subgrade. 

3. Although available permanent train model can be used 
to estimate the permanent deformations in the subgrade, the 
models do not provide an as· s ment of subgrade fai lure in 
terms of increased rate of plastic strain accumulation . Those 
failure conditions need to be incorporated in advanced anal
yses of pavements for the purpose of improving pavement 
response and performance predictions (2 ,14). 

The development of improved stress-strain models should 
describe the load-deformation and strength behavior of com
pacted fine-grained subgrade soils under repeated loads. Those 
would be considered in lieu of reported findings that suggest 
that failure train is generally independent of loading rate or 
type but depend m;:iinly on the initial co.nditions of the pec
imen (i.e. initial stress . tare , den ity , and moi ·ture c nre nt). 
Experim ntal work conducted by Vaid and ampanella (15) 
on undisturh d Haney day indicates that for gi en testing 
conditions, irrespective of the creep stress level , rupture occurs 
approximately at the ame magnitude f axial strain and that 
this is equal to the failure strain in conventional constant strain 
rate undrained shear te ting. imilar observation were reported 
by Mitchell (16) on the failure train of differ nt types of 
undi turbed clays under creep loading. More recently data 
provided by An al and Erken (17) on the behavior of one
dimensionally con olidated Ka linite clay under cyclic simple 
shear testing show that the cyclic shear strain amplitude cor
respondLng to the cyclic yield su·engLh remains e entially on-
tant for different numbers of tress cycles. Zeid (18) inve ·

ligated the behavi.or of a compacted silty clay under different 
forms of loading that included static test , creep test and 
repeated load tests. Results illustrate that the failure strain 
for a given confin ing pre ·sure dry density, and compaction 
moisture coment remains essentially constant, independent 
of the type of the test perfonned. 

Results of static triaxial tests, slow cyclic load tests, and 
repeated load tests for a compacted silty clay are presented 
here to illustrate the co.ncept of a constant failure strain, inde
pendent of stress history. This concept is used in the devel
opment of a load-deformation model for subgrade ·oils, where 
t Lal strains are correlated with repeated stresses and number 
of load repetitions. Strain predictions, using the proposed 
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model, are compared with experimental results from repeated 
load tests. 

EXPERIMENTAL WORK 

Testing Procedure 

Strain-controlled static triaxial tests, stress-controlled slow cyclic · 
load tests , and stress-controlled repeated (transient) load tests 
were conducted on a compacted silty clay in the undrained 
mode. The identification properties of the soil used are sum
marized in Table 1. The soil was compacted in a California 
bearing ratio (CBR) mold according to the modified AASHTO 
method (ASTM D1557-66T). Specimens were then extruded 
by using thin wall brass tube samplers and trimmed to 1.5-in 
diameter and 3.0-in height. Each specimen was placed between 
a cap and a base, encased in two rubber membranes, and 
cured in a water bath until ready for testing. 

Two series of static triaxial tests were performed on spec
imens, which were cured for 24 hr and had dry densities and 
compaction moisture contents covering the range defined by 
modified AASHTO compaction. In the first series , the spec
imens were subjected to a confining pressure of 14.5 psi and 
then were loaded to failure at strain rates equal to 0.084 
percent/min, 0.50 percent/min, and 1.96 percent/min. In the 
second series, the specimens were tested at a strain rate of 
0.50 percent/min at confining pressures of zero, 14.5 psi, 29 
psi, and 58 psi. 

Cyclic load tests and repeated load tests were conducted 
on specimens cured for 2 weeks. Those specimens had a dry 
density of 129.5 lb/ft3 and compaction moisture content cor
responding to optimum ± 1.5 percent . The maximum dry den
sity and optimum moisture content given by modified AASHTO 
compaction were 131.5 lb/ft3 and 8.5 percent. The allowable 
range of variation for dry density and compaction moisture 
content for the tested specimens was ± 0.6 lb/ft3 and ± 0.25 
percent, respectively. 

A confining pressure of 14.5 psi was used for the cyclic load 
tests. The specimens were then subjected to cyclic deviator 
stresses that had essentially a rectangular shape and a duration 
of 0.50 min at a frequency of 1 cpm. The specimen was imme
diately loaded to failure at a constant rate of strain following 
the applications of a specific number of load cycles. The strain 
rates used were 0.084 percent/min and 1.96 percent/min. The 
cyclic stresses corresponded to 50 percent and 80 percent of 
the strength associated with the applied strain rate at the end 
of the cyclic period. The number of stress cycles of each stress 
level applied were 10, 50, 100, and 150. 

TABLE 1 IDENTIFICATION PROPERTIES OF 
SIL TY CLAY USED 

Parameter 

Liquid limit 
Plasticity index 
Specific gravity 
Percent finer than 0.074 mm 
Clay fraction (percent less than 0.002 mm) 
Unified Classification 
AASHTO Classification 

Value 

28 
11 
2.708 

80 
18 
CL 
A-6(7) 
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In the repeated load tests, specimens were tested in the 
unconfined state and at a confining pressure equal to 14.5 psi . 
Pneumatically controlled deviator stress pulses having an 
approximate triangular shape and average duration of 0.2 sec 
were applied at a frequency of 40 cpm. Stress levels of 0.70, 
0.80, 0.90, and 0.95 were used. The stress level is defined in 
this case as the ratio of repeated deviator stress to the strength 
obtained from a standard triaxial test at a strain rate of 0.5 
percent per minute. For a given repeated stress level, the 
axial strains were monitored with number of load repetitions. 
A summary of testing conditions and strength properties of 
the silty clay used in this study is presented in Tables 2 and 
3, respectively. 

Results 

Results of triaxial tests presented in Figures 1 and 2 indicate 
that the failure strain E1, defined as the axial strain at peak 

TABLE 2 TESTING CONDITIONS FOR THE SILTY 
COMPACTED CLAY 

Test Type Confining 
Pressure 

(psi) .. " Controlled 
Static 
Trhxlal Test 

.. Series I 14.5 

- Series 2 0,14.5,29,58 

Stress 14.5 
Controlled 
Cycl tc Test 

Repeated Load 0 , 14.5 
Test 

Stress 
Level 

0 . 50, 
0 . 80 

0.70,0.80, 
0.90,0 . 95 

Stra\n 
Rate 

(t per m1n) 

0.084,0.50, 
1.96 

0 . 50 

0.084,1.96, 

Frequency Duration 
and Shape (sec) 

1 cpr. 30 
(rectanguhr) 

40 cpm 
(triangular) 

0. 20 

Numbe r 
of 

Cyc l es 

10,50, 
100, 150 

In the strain-controlled stat1c tr1ax1a1 tests, the dry density and compaction moisture 
content of specimens covered the range defined by mod1f1ed AASHTO compaction. 
Specimens were cured for 24 hours prior to testing . 

In the cyclic and repeated load tests, specimens were compacted to a dry density of 
129.5 lb/cu ft and moisture content of 7 .0 percent and 10 percent . Specimens were 
cured for two weeks prior to testing. 

The maximum dry density and optimum moisture content associated with modified AASHTO 
compaction were 131.5 lb/cu ft and B.5 percent respectively. 

TABLE 3 SHEAR STRENGTH CHARACTERISTICS 
OF THE SILTY CLAY 

Angle of 
Compaction 
Properties 

Cohesion 
C {psi) 

Friction Undrained compressive 
~{degrees) strength Udf (psi) 

a3 • 0 a3 = 14.5 psi 

ld • 129. 5 lb/cu ft 39.0 32 140 173 
m - 7 % 

ld • 129.5 lb/cu ft 23 .0 32 83 117 
m - 10 % 

Shear strength properties were determined using strain-controlled 
undrained triaxial tests with rate of applied strain equal to 0.50 
percent per minute. 

Udf is equal to the difference of major principal stress a1 and minor 
principal stress a3 at failure. 
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0"3 - 14.5 psi 
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AXIAL STRAIN (Ea(%}) 

FIGURE 1 Stress-strain behavior for specimens compacted dry of optimum. 

deviator stress, seems to be relatively independent of applied 
strain rate dE)dt for a given confining pressure u 3 , dry density 
-yd, and compaction moisture content m. Although the influ
ence of strain rate on the strength can be significant, the 
variation of the strain at failure remains small. For example, 
the strength of specimens with average dry density of 130 
lb/ft3 and compaction moisture content of 7.88 percent exhibits 
a strength increase from 145 psi when subjected to a strain 
rate of 0.084 percent/min to 188 psi when the strain rate is 
1.96 percent/min. The failure strain, however, remains in the 
range of 3.0 percent to 3.4 percent (Figure 1) . The influence 
of confining pressure, compaction moisture content, and dry 
density on the failure strain is shown in Figure 3. An increase 
in confining pressure and compaction moisture content will 
result in higher failure strain values. 

Similar observations are made in the case of the slow cyclic 
load tests, where cyclic deviator stress applications seem to 
have little effect on the failure strains as shown in Figures 
4-7. The strength increases as the number of stress appli
cations increases up to 50 cycles and then decreases with 
further increase in the number of cycles. The increase in strength 
is more significant for dry of optimum compaction conditions 
and lower cyclic stresses. Although the strength is influenced 
by cyclic stress history, the strain at failure remains virtually 
unaffected. In this case, the failure strain varies in the range 
of 2.8 percent to 3.2 percent for specimens compacted dry of 
optimum and 8.8 percent to 9.2 percent for specimens 
compacted wet of optimum . 

Results of repeated load tests presented in Figures 8-11 
illustrate the variation of total accumulated axial strain Ea, 
defined as the sum of resilient strain and permanent strain, 
with the number of repetitions N of a given stress level q,. 
The variation of the rate of accumulation of axial strain 
dEaldN with the number of repetitions is also shown. The 
results indicate the existence of a "threshold stress level" 
below which the accumulation of axial strain will eventually 
cease and lead to a stable response and above which pro
gressive accumulation of axial strains occurs and causes unstable 
response and ultimately failure . The " threshold stress level" 
for the repeated load tests performed lies between 0.80 and 
0.90. Similar findings for a "threshold stress level" have been 
reported by other investigators (19 ,20). For repeated stresses 
larger than the "threshold value," the rate of axial strain dE) 
dN decreases initially to a minimum value with the number 
of repetitions, after which it starts to increase. This flexure 
indicates a condition of incipient failure. This condition is 
conceived as a possible definition of failure under repeated 
loading, and the corresponding strains will be defined as fail
ure strains. For example, failure strain values, obtained for 
a confining pressure of 14.5 psi, lie between 2.8 percent and 
3.0 percent for specimens compacted dry of optimum and 
between 8.9 percent and 9.2 percent for specimens compacted 
wet of optimum. This agrees well with the failure strains 
obtained from cyclic load tests reported previously. 

A summary of failure strain values for all the testing and 
compaction conditions used in this study is presented in Table 
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FIGURE 2 Strcss-stram behavior for specimens compacted wet 
of optimum. 

4. Results indicate that for a given confining pressure, dry 
density, and compaction moisture content the failure strain 
is relatively independent of loading history and could, 
therefore, be determined from standard triaxial tests . 

PROPOSED REPEATED LOAD MODEL 

The behavior of the compacted silty clay in terms of axial 
strain e0 , repeated load stress level q,, and number of load 
repetitions N depends to a great extent on the magnitude 
of the applied stress level relative to the "threshold stress 
level" qr1. 

This behavior is schematically illustrated in Figure 12 for 
repeated stress level values less than q,1• In this case, the 

- variation of axial s'train with the logarithm of number of rep
etitions can be represented by a transient state for N less than 
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FIGURE 3 Variation of failure strain and strength for 
different compaction conditions. 

Na, where the rate of axial strain decreases, and can be fol
lowed by a steady state where the rate of axial strain is rel
atively constant for N between N0 and Ns and a stable state 
for N greater than Ns where no further accumulation of axial 
strain occurs with additional load repetitions. Repeated load 
test data on the compacted silty clay used in this study indicate 
that for q, less than qr1 values of Na are generally less than 
10, whereas Ns is less than 104 • The range of practical interest 
for the variation of axial strain with number of load repetitions 
lies in the steady state region corresponding to N between N0 

and Ns. In this range, the experimental data seem to fit the 
following relation: 

q, = (I ,_ + st.log N (1) 

where aL and st. are material parameters that can be de
termined from a plot of e.fq, versus log N as shown in 
Figure 12. 
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TABLE 4 VARIATION OF FAILURE STRAIN DETERMINED FROM 
TRIAXIAL, CYCLIC, AND REPEATED LOAD TESTS 

Compaction 
Properties 

1d = 129.5 lb/cu ft 
m = 7 % 

1d = 129.5 lb/cu ft 
m • 10 % 

Failure Strain, Ef(%) 

a3 • 14.5 psi 

2.70 - 2.90 2.80 - 3.20 

5.90 - 6.20 8.80 - 9.40 
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FIGURE 12 Schematic illustration of repeated 
load model for low stresses. 

Repeated applications of stress level with a magnitude 
exceeding the "threshold value" lead initially to a transient 
variation of axial strain for N less than N0 , followed for larger 
N values by a steady state and then a tertiary state where the 
rate of axial strain will increase, leading eventually to failure 
when N reaches NJ. Values of N 0 were estimated to be gen
erally less than 5. In the range where N is between N0 and 
NJ, the repeated load data for axial strain, repeated stress 
level, and number of repetitions can be represented by the 
following relation: 

(2) 
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where 

b11 = B" + S,, log N (3) 

and a., B 11 , and s. are material parameters. 
Equation 2 indicates that the variation of q, and Ea for a 

given N is hyperbolic. For a given N, a11 and b,, can be deter
mined from a plot of E./q, versus E., as is indicated in Figure 
13 . Repeated load test data for the compacted silty clay were 
analyzed to determine material parameters in Equations 2 
and 3. In this case, the variation of ah for different values of 
N was found relatively insignificant, and the average ah for 

No Nt Log (N) 

~--
bh ' ___ J For a 

1 given 
N 

Ea 
FIGURE 13 Schematic illustration of repeated 
load model for high stresses. 
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at least three selected values of N covering the range between 
N0 and N1 was determined . The corresponding values of b" 
were then used to find B11 and S11 in Equation 3. 

The axial strain Ea in Equations 1 and 2 is expressed in 
percent, and the corresponding material parameters are sum
marized in Table 5 for all testing conditions. Predictions using 
the proposed model are compared with experimental results 
in Figures 14 and 15. Model predictions of axial strains are 
within ± 10 percent of experimental values. 

SUMMARY AND CONCLUSIONS 

A load-deformation model for subgrade soils is developed, 
where total cumulative axial strains are correlated with applied 
stresses and number of load repetitions and is based on the 
results of repeated load tests conducted on a compacted silty 
clay. The concept of a constant failure strain independent of 
load history was used in the proposed model. Results of static 
triaxial tests, slow cyclic tests, and repeated load tests for the 
compacted silty clay were used to verify that the strain at 
failure for given compaction conditions and confining pressure 
is essentially independent of stress history. Good agreement 
was obtained between predicted strain values by using the 
proposed model and experimental values from repeated 
load tests . Model predictions were within ± 10 percent of 
experimental results. 
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TABLE 5 PARAMETERS USED IN THE PROPOSED SUBGRADE REPEATED-LOAD MODEL 

Subgrade repeated-load model Failure Strain 
Low Stresses High Stresses ff (%) 
(qr 5.0.80) (qr>0.80) 
al SL ah Bh sh 

1d = 129.5 l b/ cu ft 
m = 7 % 2.78 0.231 1.96 0.322 0.0586 2.82 

Dry of 03 = 0 
optimum 
compaction 1d = 129.5 lb/cu ft 

m = 7 % 2.74 0.160 1.85 0.371 0.0588 2.91 
a3 14.5 psi 

1d = 129.5 lb/cu ft 
m = 10 % 5.25 0.648 4.30 0.0253 0.170 6.00 

Wet of a3 = O 
optimum 
compaction 1d ~ 129.5 lb/cu ft 

m ~ 10 % 5. 71 0.950 3.90 0.380 0.163 9.02 
a3 E 14.5 psi 
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Repeated Load Model for Subgrade Soils: 
Model Applications 

LUTFI RAAD AND BASSAM A. ZEID 

A load-deformation model for subgrade soils where total cumu
lative axial strains are correlated with applied stresses and number 
of repetitions is used to study the behavior of subgrade soils under 
repeated loads and to invesiigare the load repel'ilion effects on 
subgrade modulus and hear strength. Predictions of allowable 
stres es for different limiting strains are also established , and 
limiting criteria in terms of applied sires. es and number of rep
etitions to failure are compared with other subgrade criteria avail
able in the literature. Model predictions indicate that the subgrade 
modulus increases for repeated stresses lower than a "threshold 
stress" and assumes a constant value with increased number of 
load repetitions. For higher stresses, the modulus decreases, indi
cating a strain-softening behavior and a corresponding increase 
in the rate of accumulation of axial strains. On the other hand, 
cohesion and friction associated with failure under repeated loads 
decrease with increase in number of repetitions to failure . The 
variation of repeated stress level with number of repetitions to 
failure determined by the proposed model is compared with 
subgrade criteria suggested by other investigator . Stress predic
tions by using those cri teria are generally con ervative for number 
of repetitions greater than about 103. For smaller number of rep
etitions, those criteria could be nonconservative. Moreover, per
manent strain predictions by those criteria for number of load 
repetitions greater rhan 104 could range from 20 percent to 25 
percent of the permanent strains at failure as determined by the 
proposed model. 

The repeated load behavior of subgrade soils is generally 
considered to be of major significance on the performance of 
pavement structures. Present subgrade models provide cor
relations between repeated stresses and resilient or recover
able strains (1-3) and between repeated stresses and per
manent or plastic strains ( 4-6). Those correlations are used 
to predict pavement response and assess pavement perfor
mance in terms of fatigue and rutting. However, because those 
conditions are limited to stresses and resilient strains or stresses 
and permanent strains, their incorporation in numerical algo
rithms such as the finite-element method will lead to solutions 
that do not satisfy kinematic conditions between displace
ments and total strains. Moreover, available subgrade models 
do not account for subgrade failure under repeated loads and 
therefore are limited in their assessment of pavement stability. 
Raad et al. (7-9) have indicated that the shear strength of 
pavement layers have a significant effect on whether the accu
mulation of strains under repeated load applications will pro
ceed at an increasing rate or whether it will cease and thus 
lead to a shakedown condition and a stable response. 

L. Raad, Institute of Northern Engineering, University of Alaska, 
Fairbanks, Alaska 99775. B. A. Zeid, Dar Al-Handassah (Shair and 
Partners), Beirut, Lebanon. 

In a companion paper by Raad and Zeid in this Record, a 
load deformation model for subgrade soils is developed where 
total cumulative axial strains are correlated with applied stresses 
and number of load repetitions. The concept of constant fail
ure strain independent of load history is presented and used 
in the proposed model. 

In this paper, the proposed model is applied to study the 
behavior of sub grade soils under repeated loads. Specifically, 
the following points are investigated: 

1. The effects of load repetitions on subgrade modulus and 
shear strength; 

2. The relation between repeated stress state, limiting strain, 
and number of repetitions to failure; and 

3. The variation of repeated stress level with number of 
load repetitions to failure as determined by the proposed 
model in comparison with sub grade criteria suggested by other 
investigators . 

PROPOSED MODEL 

A repeated load model for subgrade soils has been proposed 
and is based on results of static triaxial tests, slow cyclic tests, 
and repeated load tests for a compacted silty clay. Details of 
model development are presented elsewhere (see companion 
paper in this Record). According to this model, the behavior 
of the compacted silty clay in terms of axial strain Ea, repeated 
load stress level qr (defined as the ratio of repeated deviator 
stress to the strength obtained from a standard triaxial test at 
a strain rate of 0.5 percent/min), and number of load repe
titions N depends on the magnitude of the applied stress level 
relative to the "threshold stress level" qr, . The "threshold 
stress level" corresponds to the stress level below which the 
accumulation of axial strains will eventually cease and lead 
to a stable response and above which progressive accumula
tion of axial strains will occur and cause unstable response 
and ultimate failure. The failure strain in this case is depen
dent on confining pressure, dry density, and compaction mois
ture content but is independent of stress history. The "thresh
old stress level" for the repeated load tests performed lies 
between 0.80 and 0.90. 

For repeated stress level values smaller than qr1, 

Ea qr = - ---=---
<l1,. + S1,. log N 

(1) 

where aL and sL are material parameters. 
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For repeated stress level values greater than qr1, 

E., 
qr =----'~-

011 + b,, E,. 

where 

bh = B,, + S,, log N 

(2) 

(3) 

and ah, B,, , Sh are material parameters. The axial strain E0 in 
Equations 1 and 2 is expressed in percent. 

A summary of shear strength characteristics and model 
parameters for different dry density 'Yd• compaction moisture 
content m, and confining pressure cr3 is presented in Tables 
1 and 2, respectively. 

Incorporating the concept of a constant strain at failure into 
the proposed model allows assessment of upper-bound stress 
levels above which the subgrade will exhibit progressive increase 
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in strains with number of load repetitions and below which 
the subgra<lt: will have a stable response and the accumulation 
of strains will eventually cease. Those limiting stresses could 
be used to define failure criteria under repeated loads. The 
need for such criteria in advanced numerical analysis of pave
ment systems has been addressed by Raad and Figueroa (3) 
and more recently by Raad et al. (7-9). Moreover, the pro
posed model could be used to estimate the magnitude of total 
strains in the subgrade and, therefore, the permanent strains 
if the resilient strains are known. 

MODEL APPLICATIONS 

Load Repetition Effects on Subgrade Modulus and 
Shear Strength 

The effects of repeated load applications on su bgrade modulus 
were determined by using the proposed model defined in 

TABLE 1 SHEAR STRENGTH CHARACTERISTICS OF THE SILTY CLAY 

Angle o 
Compaction Cohesion Friction Undrained compressive 
Properties C (psi) ¢(degrees) strength Gdf (psi) 

a3 • 0 a3 • 14.5 psi 

'Yd • 129.5 lb/cu ft 39.0 32 140 173 
m = 7 % 

'Yd 129.5 lb/cu ft 23.0 32 83 ll7 
m 10 % 

.tiQlE..S. 

Shear strength properties were determined using strain-controlled 
undrained triaxial tests with rate of applied strain equal to 0.50 
percent per minute. 

- Gdf is equal to the difference of major principal stress a1 and minor 
principal stress a3 at failure. 

TABLE 2 PARAMETERS USED IN THE PROPOSED SUBGRADE REPEATED-LOAD MODEL 

Dry of 
optimum 
compaction 

Wet of 
optimum 
compaction 

'Yd = 129.5 16/ cu f t 
m D 7 % 

a3 s O 

'Yd = 129.5 lb/cu rt 
m - 7 % 

a3 14.5 psi 

'Yd = 129.5 lb/cu ft 
m • 10 % 

a3 = 0 

'Yd s 129 . 5 lb/cu ft 
m - 10 % 

a3 = 14.5 psi 

Subgrade repeated-load model Failure Strain 
Low Stresses High Stresses ff (%) 
(qr .s,0.80) (qr>0.80) 
al SL ah Bh sh 

2.78 0.231 l.96 0.322 0.0586 2.82 

2.74 0.160 l.85 0.371 0.0588 2.91 

5.25 0.648 4.30 0.0253 0.170 6.00 

5.71 0.950 3.90 0.380 0.163 9.02 
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Equations 1, 2, and 3. In this case, the modulus E after N 
repetitions was compared with an initial modulus value E; 
corresponding to N; repetitions. The subgrade modulus E 
after N repetitions of a given deviator stress ad is defined as 
the ratio of the repeated deviator stress to the total axial strain 
e, (resilient strain plus permanent strain) experienced by the 
subgrade during the Nth repetition. The modular ratio EIE; 
could then be used as a relative measure of subgrade modulus 
with number of load repetitions. For a given repeated stress 
level, the modular ratio is expressed as 

(4) 

where e,; and e, are total axial strains during repetitions N; 
and N, respectively. The strain e, could be related to the total 
accumulated axial strain e0 and resilient strain e, by the simple 
relation 

dea A 
e, = dN u.N + e, (5) 

where LiN is equal to 1 and e, is assumed constant for a given 
repeated stress level. 

For stress level values less than the "threshold value" q,,, 
it could be shown that 

E 
E; 

q, SL N + E, 
I 

q, SL 
N + E, 

1.60 
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and for q, greater than q,L 

E 

(7) 

The resilient strain e, could be determined from the following 
relations that define resilient modulus MR in terms of repeated 
deviator stress ad: 

For dry of optimum compaction conditions ("'Id = 129.5 lb/ 
ft3

, m = 7 percent), 

log MR = 4.56 - 0.118 log ad (8) 

For wet of optimum compaction conditions ('Yd = 129.5 lb/ 
ft3, m = 10 percent), 

log MR = 4.36 - 0.221 log ad (9) 

where MR and ad are expressed in pounds per square inch. 
The variation of modular ratio EIE; with number of load 

repetitions is shown in Figures 1 and 2. It is interesting to 
observe that for stresses smaller than the threshold value, 
sub grade strain hardening will occur and thus lead to an increase 
in subgrade modulus with number of stress repetitions. Con
versely, for stresses larger than the threshold value, initial 

1.60 

1.40 

cr3 = 14.5 psi 

• qr=0.70 
• qr= 0.80 
o qr= 0.90 
t:::. qr= 0.95 
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a: 
~ 
:J 1.00 
0 
0 
::: 

0.80 
STABLE 
UNSTABLE 
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FIGURE 1 Stiffening and softening effects on subgrade under repeated loads ('Yd = 129.5 lb/ft3, m = 7 percent). 
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FIGURE 2 Variation of axial strain and axial strain rate with number of stress repetitions (u 3 = 14.S psi , 'Yd = 129.5 
lh/ft3, m 10 percent). 

strain hardening is observed followed by strain softening as 
a result of unstable response caused by increased rate of strain 
accumulation. Strain-hardening effects are more pronounced 
for specimens with higher compaction moisture content. This 
could probably be attributed to local over-consolidation effects 
in the microstructure of the wet clay when subjected to repeated 
loads. However, at magnitudes of repeated loads larger than 
the "threshold value," the rate of accumulation of axial strains 
will eventually become higher and the corresponding modulus 
will therefore be lower. 

The effect of strain hardening and strain softening on sub grade 
modulus and its relationship to subgrade stability can have 
significant practical applications. For example, if nondestruc
tive testing equipment such as the falling weight deflectometer 
is used to determine the onset of subgrade softening through 
successive applications of loads with increasing magnit11c1e, 
then a subgrade limiting load could be estimated. Progressive 
accumulation of strains will occur with load repetitions above 
this load, and below it the accumulation of strains will cease 
and lead to a stable subgrade response. 

The proposed model was used to determine the change of 
shear strength parameters, the cohesion C, and angle of fric
tion <P with number of load repetitions to failure. The failure 
strain Er is substituted in Equation 2, and the corresponding 
limiting principal stresses were computed for different number 

of repetitions to failure. Cohesion and friction associated with 
failure under repeated loading were compared with cohesion 
C, and angle of friction <!>, obtained from standard strain
controlled triaxial tests at strain rate of 0.5 percent/min. Results 
are presented in Figure 3. A degradation effect of both cohe
sion and friction is observed with increase in number of repeti
tions to failure. The decrease appears to be more significant, 
particularly for cohesion, for specimens with higher compac
tion moisture content. This could probably be a result of 
higher pore-water pressure build up under repeated loading. 

Limiting Criteria 

Correlations between repeated stress level and number of 
repetitions for different limiting values of axial strain E0 were 
derived for the compacted silty clay by using the proposed 
model and assuming a threshold stress level qr, equal to 0.80. 
Those relations are presented in Figures 4 and 5. The influ
ence of confining pressure on those limiting relations is more 
significant for specimens compacted wet of optimum than for 
dry of optimum compaction. The proposed model could also 
be used to determine the stress state in terms of p and q 
associated with a given limiting strain and a selected number 
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FIGURE 3 Variation of subgrade cohesion and friction with 
number of load repetitions. 

of load repetitions. In this case , 

CT1 + CT3 
p = 

2 
(10) 

CT1 CT3 
q = 

2 
(11) 

where cr1 and u 3 are major and minor principal stresses, 
respectively. 

The variation of p and q for different limiting strain values 
corresponding to number of repetitions greater than 104 is 
illustrated in Figures 6 and 7. Limiting strain criteria could 
be selected in this case in relation to anticipated subgrade 
performance under long-term repeated loading. For example, 
stress points higher than those defined by the p-q relationship 
for limiting axial strain Ea equal to the failure strain Et would 
result in the progressive accumulation of sub grade strains with 
number of load repetitions and thus lead to unstable response. 
Conversely, for stress points located below the limiting p-q 
line, the response is stable and subgrade strains will eventually 
cease to accumulate with increased number of load repeti
tions . The variation of cohesion C angle of friction <I> corre
sponding to number of repetitions greater than 104 and lim
iting strain Ea between Et and 0.5 Et is presented in Figure 8. 
Values for the angle of friction, expressed as tan<!>, lie essen
tially between 0.90 tan <!>, and 0.75 tan <!>,, whereas the 
cohesion varies in the range of 0.90C, to 0.40C,. 
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FIGURE 4 Allowable stress level for different subgrade 
limiting strains ('Yd = 129.5 lb/ft3 , m = 7 percent). 

At high moisture content and confining pressure or both, 
compacted clays may in some cases not exhibit a definite peak 
stress when tested in standard strain-controlled triaxial mode. 
The axial strains will progressively build up at a decreasing 
rate, and the test is generally stopped when the axial strain 
reaches 20 percent. Under repeated loading conditions, such 
clays may experience continuous increase in total axial strain 
Ea and gradual decrease of the rate of strain dEa fdN. In this 
case, a failure strain according to the definition used earlier 
in this paper does not exist. However, a limiting strain that 
corresponds to the maximum allowable value in relation to 
subgrade performance can be used instead. Additional research 
is needed to characterize the behavior of such clays and to 
develop improved constitutive models under repeated loads. 

Comparisons with Other Models 

The variation of repeated stress level with number of load 
repetitions to failure for the compacted silty clay as predicted 
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FIGURE 5 Allowable stress level for different subgrade 
limiting strains ('Yd = 129.5 lb/ft3, m = 10 percent). 

by the proposed model is compared with results obtained by 
using the Shell criterion (JO) and other criteria developed by 
Darter and Devos (11), Poulsen and Stubstad (12), and Chou 
et al. (13) . Comparisons presented in Figures 9 and 10 show 
that the Shell criterion and Darter and Devos criterion are 
not conservative when used for a number of load repetitions 
smaller than 102 to 103 and fairly conservative for a larger 
number of repetitions. Conversely, results obtained from cri
teria proposed by Poulsen and Stubs tad and Chou et al. yield 
consistently conservative predictions. The permanent strain 
EP exhibited by the compacted silty clay when loaded accord
ing to those criteria is compared with values predicted by the 
proposed model (Table 3) . Results indicate that the perma
nent strain is significantly higher for specimens with higher 
compaction moisture content. This implies that the use of 
existing subgrade criteria does not necessarily result in equal 
performance levels for different subgrade conditions. Accord
ing to the criteria in Table 3, the permanent strains corre
sponding to load repetitions greater than 104 will range essen-
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FIGURE 6 Subgrade p-q relations for different limiting strains 
('Yd = 129.5 lb/ft3, m = 7 percent). 

·u; 100 
.e, 

STABLE RESPONSE 
~ 
Ci:> lllillllllllm UNSTABLE RESPONSE t:> 80 

i' STATIC FAILURE 
- - - LIMITING CONDITION (SHAKEDOWN) 

O' 

60 

40 

20 

0 20 40 60 80 100 

FIGURE 7 Subgrade p-q relations for different limiting strains 
('Yd = 129.5 lb/ft3, m = 10 percent). 

tially between 0.4 percent and 2 percent in comparison with 
permanent strains at failure in the range of 2 percent to 8 
percent as predicted by the proposed model. 

SUMMARY AND CONCLUSIONS 

A load-deformation model for subgrade soils where total 
cumulative axial strains are correlated with applied stresses 
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• 

and number of load repetitions was used to investigate load 
repetition effects on subgrade modulus and shear strength. 
Predictions of allowable stresses for different limiting strains 
were also established, and limiting criteria in terms of applied 
stresses and number of repetitions to failure were compared 
with other subgrade criteria in the literature. 

Strain hardening and strain softening of the subgrade can 
occur, depending on the magnitude of the repeated stress 
relative to the "threshold stress." The sub grade modulus , 
defined as the ratio of repeated stress to total strain per load 
repetition, increases for repeated stresses lower than the 
"threshold stress" and maintains a constant value with increased 
number of load repetitions. For higher stresses, however, the 
modulus will eventually decrease, indicating a strain-softening 
behavior. If nondestructive testing equipment were to be used 
to determine the onset of subgrade softening through suc
cessive applications of load with increasing magnitude, then 
an estimate of subgrade limiting load can be determined. The 
accumulation of strains will cease with number of load rep
etitions below this value, and progressive accumulation of 
strains will occur above it. 

Cohesion and friction associated with failure under repeated 
loading conditions decrease with the increase in number of 
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TABLE 3 COMPARISONS OF PERMANENT STRAIN PREDICTIONS BY DIFFERENT 
MODELS 

Dry of optimum Wet of optimum 
(1d 129.5 lb/cu ft, m • 7%) (1d 129.5 lb/cu ft, m = 10%) 

fp (%) fp (%) 

N N • 106 N = 104 N 106 

Proposed 
Model 2.23 - 2.28 2.23 - 2.28 5. 27 - 7.91 5.27 - 7.91 

Shell (10) 0. 94 - 1. 39 0.35 - 0.50 2.19 - 2.54 0.86 - 1.0 

Darter & 
Devos (11) 0.89 - 1.29 0.18 - 0.36 2.11 - 2.39 0.70 - 0.80 

Poulsen and 
Stubstad(12) 0. 74 - 1.08 0. 74 - 1.08 2.02 - 2.41 2.02 - 2.41 

Chou et al, 
(13) 0.60 - 0.87 

repetitions to failure. The decrease is more significant for 
specimens with the same dry density but higher moisture 
content . 

Allowable repeated stress states in terms of major and minor 
principal stresses (i.e ., p-q relations) were determined for 
different limiting strain values corresponding to number of 
load repetitions greater than 104

• Similar relations can be used 
in advanced numerical analysis of pavement structures for the 
purpose of developing improved understanding of pavement 
behavior. 

The variation of repeated stress level v,1ith number of rep
etitions to failure determined by the proposed model was 
compared with subgrade criteria suggested by other investi
gators. Stress predictions by those riteria are generally con
servative for number of repetition greater than about 103 . 

For smaller number of repetitions, those criteria could be 
nonconservative. Moreover, results indicate that the perma
nent strains that occur in the subgrade, when loaded according 
to any of those criteria, is greatly influenced by compaction 
moisture content. In this case, the permanent strains corre
sponding to load repetitions greater than 104 will range between 
0.4 percent and 2 percent in comparison with permanent strains 
at failure in a range of 2 percent to 8 percent as predicted by 
the proposed model. 
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Multiaxial Testing of Subgrade 

B. E. WILSON, s. M. SARGAND, G. A. HAZEN, AND ROGER GREEN 

A unique testing apparatus consisting of a low-pressure multiaxial 
device has been applied to resilient testing of subgrade soil. Tests 
were conducted by applying dynamic loading under constant con
fining pressure. Soils from seven Ohio sites were evaluated. Lab
oratory results indicate that resilient behavior of the subgrade 
was dependent on moisture content, stress level, soil type, and 
density. Critical sensitivity of the resilient modulus to the mois
ture content was demonstrated by experiments. The testing 
procedure and results are discussed. 

The resilient modulus is used most often in the design and 
rehabilitation of pavements. This parameter is given by the 
ratio of repeated deviator stress to the recoverable strain. The 
advantages of using this modulus can be seen by comparing 
results with data collected from a nondestructive testing appa
ratus, such as Dynaflect and the Falling Weight devices, where 
back-calculation techniques determine material moduli under 
dynamic loading. Nondestructive test procedures indicate that 
resilient modulus is a function of moisture, stress level, soil 
type, and density. Attempts to model the response of in situ 
subgrade material have been largely unsuccessful. A number 
of investigators have determined the resilient modulus of 
subgrade materials by using conventional laboratory testing 
devices such as unconfined compression or triaxial testing 
procedures (1-3). 

This paper reports the results of a dynamic testing proce
dure that utilizes the multiaxial testing apparatus to obtain 
the resilient modulus. The low-pressure cubical system can 
easily be modified for dynamic testing of complex stress paths. 

TESTING DEVICE 

In a multiaxial device, a cubical specimen is loaded on six 
orthogonal faces by six flexible pressurized membranes. Any 
of the principal stresses can be varied independently, allowing 
for the simulation of complex stress histories. The three applied 
stresses in the direction of opposite surfaces are considered 
to be principal stresses. This loading will ensure that a prop
erly prepared specimen will float between unconstrained 
deformations ( 4-6). A constant stress state is maintained in 
the horizontal planes by applying air pressure to two axes to 
simulate a subgrade loading. The pressure is applied with oil 
for the remaining axis. Here, the dynamic loading is simulated 
in the vertical direction by applying an alternating pressure 
loading. Figure 1 presents the multiaxial testing apparatus. 

B. E. Wilson, S. M. Sargand, and G. A. Hazen, Department of Civil 
Engineering, Ohio University, Athens, Ohio 45701. R. Green, Ohio 
Department of Transportation, 25 South Front St., Columbus, Ohio 
43215. 

Pressure measurements are taken in the membrane reservoir 
to record sample loading accurately . 

Deformations were monitored along the axis of loading with 
six linear variable differential transformers (LVDTs). There 
were three L VDTs located on each face so that they were 
directly in line with those on the opposite face. Measurements 
were averaged to get the displacement of each face. Rigid 
body motion of the specimen could also be accounted for with 
this arrangement. 

Pressure changes and displacements were directly measured 
as voltage changes. Voltages from the pressure transducer 
and the six L VDTs were continuously monitored with a PC
based data acquisition system. Data were recorded and stored 
automatically to be used in subsequent data analysis. 

SAMPLE PREPARATION 

Specimens were obtained from seven sites in Ohio. The loca
tion and soil classification of each site are found in Table 1. 

Subgrade materials were prepared and tested in accordance 
with AASHTO testing procedures. The soils were sieved over 
a %-in. sieve, and coarse materials were discarded. Water was 
added to obtain the desired moisture content, and the sample 
was double bagged in plastic and stored for a minimum of 24 
hr to ensure uniform moisture distribution. The specimens 
were compacted in a 4-in. x 4-in. x 4-in. mold to meet Ohio 
Department of Transportation (ODOT) field density speci
fications. Specimen density of each site, however, was not 
consistent because the varying of the moisture content made 
compaction of the specimens to a specific density a trial-and
error procedure. The required density was specified for a 

FIGURE 1 Multiaxial testing device. 
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TABLE 1 SITE LOCATION AND SOIL DESCRIPTION 

County Route # Station 

Jackson 32 8.68 

Jackson 32 20.41 

Vinton 32 1. 61 

Auglaize 33 

Fairfield 37 11. 24 

Clark 68 

Clark 675 

-Data Unavailable 

particular soil as a percentage of the maximum dry weight 
that corresponded to the following specifications of ODOT. 

Maximum Laboratory 
Dry Weight (pcf) 

90.0-104.9 
10'.l.0-lll).l) 
l:W.U and more 

TEST PROCEDURE 

Minimum Compaction Requirement 
(% laboratory maximum) 

102 
100 

l)8 

Tests were performed at 5 psi confining pressure to reasonably 
simulate field conditions. The confining pressure was applied 
with air along two axes and controlled by a precision gauge 
and regulator. Pressure was applied with hydraulic oil to the 
third coordinate axis. An incompressible fluid was required 
because this pressure variation was used to apply dynamic 
loads. Pressure variation was accomplished with a simple 
cylinder/piston device filled with hydraulic oil and installed 
between loading platens of an MTS series 810 test machine. 
Cyclic pressure applied by the piston device was transmitted 
through hydraulic hoses to horizontal faces of the specimen. 
Loads applied were monitored with a pressure transducer. 

For this application, a stress pulse with rise time of 60 to 
70 msec was applied at the rate of 1 pulse/sec. Initially, a 
conditioning cycle consisting of 200 repetitions of five increas
ing increments of deviator stress was applied to minimize 
initial loading effects. This cycle was then repeated and the 
recoverable deformation recorded at or about the 200th 
repetition for each dcviator stress level. 

DISCUSSION OF RES UL TS 

The subgrade materials tested in this study exhibit the sen
sitivity of resilient modulus to percent variation of moisture 
content. The degree of dependence varied with soil type. As 
shown in Figures 2 and 3, the resilient modulus for sample 
JAC-32-8.68 was drastically reduced by an increase of mois
ture content as low as 2 percent above optimum. A similar 

Ohio Dept. of 
Transportation 

Description Classification 

Clay Subgrade A-7-6 

Silt Clay Subgrade A-6a 

Silt Clay Subgrade A-6a 

Clay subgrade A-7-6 

Silt Clay Subgrade A-6a 

Granular Subgrade A-la 

Granular Subgrade A-16 

Max. Dry Wt. 124.3 pcf 

Optimum Moisture 11.5% 

r, OJ 

D 128.4 pcf 13.1% 
• 120.0 pcf 12.0% 
0 119.?pcf 9.6% 
• 124.0 pcf 9.7% 

u-------o 

5 

Deviator Stress (psi) 

• 

6 

FIGURE 2 Resilient response curves for JAC-32-8.68 
subgrade. 
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FIGURE 3 Resilient response curves for JAC-32-8.68 
subgrade, "{,, 136.8; w, 13.4 percent. 
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reduction is seen in Figures 4 and 5 for the VIN-32-1.61 sample 
at an increase of moisture level 3 percent above optimum. 
The third sample from Route 32, JAC-32-20.41, does not 
show the sharp decrease. At 2 percent above optimum, and 
where the curve levels (Figure 6), a resilient modulus of 
approximately 5 ksi is observed. This suggests that a threshold 
moisture content exists that is dependent on soil type. Beyond 
this threshold, soil strength rapidly deteriorates. If this is true, 
then the threshold value was not crossed in the latter case. 

The CLA-68 sample shows the least modulus variation with 
respect to moisture. In Figure 7 optimum moisture for CLA-
68 is found to be 6.0 percent, where results are shown at 
moisture levels of 5.0, 5.9, and 6.3 percent. The narrow mois
ture range results from the sandy, granular nature of this 
particular soil. Increasing the moisture content further would 
result in drainage from the specimen during the test proce-
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FIGURE 4 Resilient response curves for VIN-32-1.61 
subgrade. 
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FIGURE 5 Resilient response curves for VIN-32-1.61 
subgrade, "{,, 127.6; w, 15.0 percent. 
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FIGURE 6 Resilient response curves for JAC-32-20.41 
subgrade. 
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FIGURE 7 Resilient response curves for CLA-68 subgrade. 
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8 

8 

dure. All tests performed on the CLA-68 soil gave slight 
increases in resilient modulus at higher deviator stresses. 

Experimental results from the remaining three sites (AUG-
33, FAI-37-11.24, and CLA-675) (Figures 8-12) follow the 
established trend. Although the moisture content for the CLA-
675 site ranged as high as 2.6 percent above optimum, it, as 
for the JAC-32-20.41 specimen, does not exhibit the dramatic 
reduction in resilient modulus common to the other samples. 

All figures show higher moduli at low stress levels, followed 
by sharp decreases before becoming essentially constant. Also, 
it is important to note that although the specimen density 
varied in addition to the moisture content, a small variation 
of moisture content greatly affected the resilient moduli. 

CONCLUSIONS 

The multiaxial apparatus functions well when subgrade mate
rials are tested in a dynamic environment. With this unique 
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FIGURE 8 Resilient response curves for AUG-33 subgrade. 
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FIGURE 11 Resilient response curves for FAI-37-11.24 
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FIGURE 12 Resilient response curves for CLA-675 subgrade. 

testing procedure, the following general conclusions can be 
drawn regarding subgrade response: 

1. Resilient moduli are a function of moisture content, den
sity, and deviator stress to varying extents depending on soil 
type. 

2. For a particular soil at a given stress level, resilient mod
ulus is very sensitive to the changes of moisture content. 

3. The resilient modulus rapidly decreases with increasing 
deviator stress at low levels of stress (0 to 2 psi) and generally 
levels off or slightly increases at higher levels of deviator stress 
(2 to 8 psi). This indicates that the resilient modulus of the 
subgrade increases with depth beneath the pavement and 
cannot be adequately modeled with a single value. 
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Correlations of Unconsolidated-Undrained 
Triaxial Tests and Cone Penetration Tests 

TIMOTHY D. STARK AND JOHN E. DELASHAW 

Unconsolidated-undrained (UU) triaxial and cone penetration 
test results were used to develop correlations between undrained 
shear strength and cone resistance for three soft to medium allu
vial clays in the San Diego area. The cone factor relating the UU 
triaxial strength to the cone resistance, termed Nk""' had an aver
age value and range of 11.0 ± 2.0, 11.0 ± 2.5, and 12.4 ± 0.8 
for the Lopez Ridge, Creekside Estates, and Rancho Del Oro 
sites in San Diego, respectively. A data base of additional values 
of N1ru. was compiled from the literature for non fissured , normally 
t lightly overconsolidated clays (oven~ nsolidatio.n ratios ranged 
Crom 1 to 5). The clara ba e of Nk"" values howed con iderably 
less catter rhan that observed in pre iou cone factors on the 
basis of field vane shear tests. The reduction in scatter is believed 
to be due to the uncertainty in interpreting vane shear tests and 
the repeatability of UU triaxial tests when high-quality samples 
are available. 

In southern California the cone penetration test (CPT) is 
frequently used during initial site investigations to provide 
information for an efficient boring and sampling program. 
CPT provides quick insight into soil stratigraphy and also 
identifies soil layers that might be problematic anrl req\lire 
additional testing during the remainder of the investigation. 
Laboratory testing programs are then designed to measure 
the engineering properties of those soil layers by using high
quality samples obtained from soil borings located by using 
the CPT results . Currently in San Diego, most of the geo
technical design is based on the results of the laboratory tests. 
In an effort to incorporate the CPT results into the geotech
nical design process, correlations between cone penetrometer 
resistance and undrained shear strength are being developed 
for soil deposits in the San Diego area. 

REVIEW OF EXISTING CORRELATIONS 

The undrained shear strength for clays is derived from CPT 
results by using theoretical solutions or empirical correlations 
or both. Baligh et al. (1) present a comprehensive overview 
of the different theories that can be grouped into the following 
three main categories: (a) bearing capacity, (b) cavity expan
sion, and (c) steady penetration. Those three methodologies 
employ a form of the traditional bearing capacity equation: 

(1) 

Department of Civil Engineering, San Diego State University, San 
Diego, Calif. 92182. 

where 

qc = cone resistance, 
Nc = bearing capacity factor, 
S,, = undrained shear strength, and 

<T vo = total vertical stress. 

Each methorl incorporates a different expression for Nc and 
the total overburden stress, such as the horizontal or the 
octahedral stress, to determine the undrained shear strength. 

EMPIRICAL CORRELATIONS 

Owing to the difficulties in estimating the in situ horizontal 
stress and evaluating the various expressions for N0 an empir
ical equation similar to Equation 1 is frequently used in prac
tice to relate cone resistance to undrained shear strength. The 
empirical expression commonly used in practice is 

(2) 

where Nk is the empirical cone factor. 
The first empirical correlations relating qc and S,, were 

developed in Europe, and, as a result, the reference undrained 
shear strength was usually determined from the results of field 
vane shear tests. Previous data collected by Lunne and Kleven 
(2) and Jamiolkowski et al. (3) showed that the empirical 
cone factor Nk decreases with plasticity index and ranges from 
9 to 26 when Su is measured by using a field vane shear test. 

Bjerrum (4) reviewed 16 well-documented embankment 
failures on cohesive foundations and developed the field vane 
correction factor µ, as indicated in Figure 1. The correction 
factor reduces the measured strength to reflect the influence 
of anisotropy and strain rate effects on the undrained strength. 
Other researchers (5-10) have contributed additional data 
from other embankment failures for Figure 1. The additional 
data have increased the scatter about Bjerrum's recom
mended curve, leading some to question the use of the vane 
shear test for design. 

If the vane shear strength values are corrected by using 
Bjerrum's field correction factor µ, the resulting corrected 
cone factor (NZ = Nklµ) appears to be independent of plas
ticity index and shows slightly less scatter than Nk. As indi
cated in Figure 2, the majority of the published NZ values 
are between 10 and 24, with an average of approximately 15. 
However, even after correcting the field vane shear strength, 
the values of NZ still show considerable scatter. The scatter 
shown in Figure 2 makes the determination of a design 
undrained shear strength very difficult. 
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FIGURE 1 Correlation factor for the field vane test as a 
function of plasticity index, based on embankment failures 
[adapted from Holtz and Kovacs (36)]. 

::!. 

t :~ -'t' 20 
Q) 

0 c 
b 0 

~ tfa~~ I > 
CJ 

15 
<.> Q) 

CT -= I ~ 

~ 10 
Ui 

5 

0 ......._~~~~.__~~~~....._~~~~~~-'-~--' 

0 10 20 30 40 50 60 70 

Plasticity Index Ip. % 

LEGEND 

NGI TEST SITES MIT TEST SITES NEW SITES 

0 Sundlond s Boston Blue Clay ® SF Boy Mud 

CJ Danviks Gate ® Connecticut ... Po 

I>. Ons\1\y 
Valley vorved clay 

& Andalsnes 

Sk0 - Edeby 
e EABPL, La~ 

9 " North Sea 
Site 

+ G\6teborg 
~ Perla Tolle • E. 8¢rresens Gate 
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NEW EMPIRICAL CONE FACTOR, N1ru" 

80 

The value of the empirical cone factor varies considerably 
depending on the type of cone, cone test procedure, the ref
erence strength, and, most important, the soil deposit. The 
data bases of empirical cone factor currently available in the 
literature have not always been consistent because researchers 
have used different types of cones and different tests to mea
sure the undrained shear strength. Researchers have also used 
the total horizontal stress or mean octahedral stress in Equa-
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tion 2 instead of the total overburden pressure. The main 
objective of this research was to develop a new cone factor 
by using the tip resistance from standard electrical cones tested 
in accordance with ASTM standards, the total overburden 
pressure, and a consistent measurement of undrained shear 
strength. 

A number of different techniques for measuring the undrained 
shear strength (field vane, isotropically consolidated-undrained 
triaxial, unconfined compression, anisotropically consolidated
undrained triaxial, unconsolidated-undrained triaxial, direct 
simple shear, and plane strain) were considered during this 
study. Despite the limitations of the unconsolidated-undrained 
(UU) triaxial test, the undrained shear strength obtained from 
this test is still widely used for design in the United States . 
The UU triaxial test provides repeatable results when high 
quality samples are available, does not require sophisticated 
laboratory equipment, and is very cost effective. Ladd et al. 
(11) also pointed out that the errors associated with UU triax
ial tests are, "to some extent," self-compensating because 
disturbance decreases the strength while anisotropy and strain 
rate effects increase the strength. However, Ladd et al. warned 
that the effects of disturbance, anisotropy, and rate of loading 
are variable, and, therefore, considerable judgment should 
be used for cases where the factor of safety is "low." 

Owing to the popularity of the UU triaxial test, the uncer
tainties in interpreting the vane shear test, and the difficulties 
in performing the other undrained strength tests mentioned, 
only values of S,, measured in UU triaxial tests were used in 
the correlations reported herein. Unconfined compression tests 
were not considered to be a UU triaxial test and were not 
used in the correlations. Therefore, the cone factors presented 
herein will be referred to as Nkuu and should be utilized to 
determine the undrained shear strength for use in total stress 
or end-of-construction stability analyses. 

SAN DIEGO TEST SITES 

To facilitate the use of CPTs in the San Diego area, a research 
program was initiated to develop cone factors for local soil 
deposits. To date, three sites-Lopez Ridge (12), Creekside 
Estates (13), and Rancho Del Oro (14)-have been studied. 
At each site a minimum of 10 cone soundings was performed 
by Earth Technology Corporation, using a standard electrical 
cone in accordance with ASTM D3441. Exploratory borings 
were drilled within 15 to 20 ft of selected cone penetration 
soundings to obtain high-quality, 3-in. diameter Shelby tube 
samples for laboratory testing. 

All three sites are located within alluviated canyons that 
are proposed for development. The proposed Lopez Ridge 
project will necessitate the construction of a roadway embank
ment fill approximately 700 ft in length and varying in height 
from 10 to 30 ft. The proposed Creekside Estates and Rancho 
Del Oro projects involve the placement of compacted fills 10 
and 25 ft deep, respectively. Those fills will be used to create 
building pads for single-family homes. 

LABORATORY TEST RESULTS 

Classification tests, a minimum of one consolidation test, and 
a minimum of three unconsolidated-undrained triaxial tests 
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were performed in accordance with ASTM standards on each 
Shelby tube sample obtained from the various sites. The mea
sured soil properties of the canyon alluvium at the three San 
Diego sites are presented in Table 1. The alluvium ranges 
flow a low to high plasticity clay at the Lopez Ridge and 
Rancho Del Oro sites to a high plasticity clay or silt at the 
Creekside Estates site. Geologically, the alluvial deposits are 
young and are normally to lightly overconsolidated. As pre
sented in Table 1, the undrained shear strength measured in 
UU triaxial tests ranged from 0.30 to 0.63 ton/ft2 and was the 
highest at the Rancho Del Oro site. All UU triaxial tests 
specimens had a degree of saturation greater than 97 percent . 

TABLE 1 PROPERTIES OF CANYON ALLUVIUM AT 
LOPEZ RIDGE CROSSING, CREEKSIDE ESTATES , AND 
RANCHO DEL ORO SITES 

Creekside 
property Lopez BJdqe ·Estates Rancho pql Oro 

Alluvium thickness, ft. 10-40 30-35 40-70 

Alluvium Classification CL CH CH-MH 

Plastic Limit 18-20 24-32 28-30 

Liquid Limit 38-40 60-80 60-66 

Plasticity Index 20 36-46 30-40 

Natural Water 28-30 45-60 40-45 
Content, % 

Overconsolidation Ratio 1-1.J 1-1.2 1-1.6 

UU Triaxial Shear O.J0-0.37 0.42-0.54 0.50-0.63 
Strength, tsf 

Net Cone Resistance, 
tsf 

UU Triaxial Cone 
Factor, Nkuu 

3.2-3.6 4.6-5.7 5.3-7.3 

11.0 ± 2.0 11.0 ± 2.5 12.4 ± O.B 
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NEW CORRELATIONS OF UU TRIAXIAL TESTS 
AND C.ONR PRNRTRATTON TESTS 

Empirical cone factors were calculated by using the undrained 
shear strength from UU triaxial tests, the electrical cone resis
tance, and the total overburden stress at the depth of the 
sample. At the Lopez Ridge site, the average value of Nkuu 

was 11.0 with a range of ±2.0. The Creekside Estates site 
also had an average value of Nkuu equal to 11.0 with a range 
of ± 2.5. The Rancho Del Oro site had an average Nkuu value 
of 12.4 with a range of ± 0.8. The range of net cone resis
tance , qc - <Tv0 , and UU triaxial shear strength used in the 
calculations of Nkuu at each site are presented in Table 1. 

DATA BASE OF UU TRIAXIAL TESTS AND CONE 
PENETRATION TESTS 

An extensive literature search was conducted to create a data 
base of sites at which values of Nkuu could be determined to 
investigate the accuracy of the Nkuu values calculated for the 
San Diego sites. A total of 18 sites was collected for the data 
base , and additional sites were being sought. Only sites with 
undrained shear strengths measured in UU triaxial tests and 
test specimens having a degree of saturation at or near 100 
percent were selected. Unconfined compression test results 
were not used in the correlations. In addition, only cone 
soundings, using a standard electrical cone advanced at 
approximately 2 cm/sec (0. 78 in./sec) and in accordance with 
ASTM D3441, were used in the correlations. The electric 
cones all had an apex angle of 60 degrees and a projected 
area of 10 cm2 (1.55 in. 2). The sites, sources of the data, and 
the symbols used to represent the data are presented in 
Table 2. 

VARIATION OF CONE FACTOR WITH 
PLASTICITY INDEX 

Figure 3 indicates the variation of Nkuu as a function of plas
ticity index (PI) for the 18 data-base sites and the three San 

TABLE 2 LISTING OF SITES, SYMBOLS, AND REFERENCE NUMBERS USED IN CORRELATIONS BETWEEN 
UU TRIAXIAL AND CONE PENETRATION TESTS 

SYMBOL SITE (Reference) SYMBOL SITE (Reference) 

~ AUGUSTA (15) • PORTO TOLLE (3) 

l"'iiil BEAUMONT (17) • RANCHO DEL ORO (14) 

IJ BEAUMONT (18) D SAINT ALBAN (25) 

~ BOSTON BLUE (19, 20) e S.F BAY MUD (26) 

<) CRAN (21) 1:"'111 S.F. BAY MUD (27) 

Q CREEKSIDE (13) 0 SANTA BARBARA (SOFT) (28) 

Iii.. HAGA (22) • SANTA BARBARA (STIFF) (28) 

0 LOPEZ RIDGE (12) 9 SIL TY HOLOCENE (24) 

.A OTTAWA SEWAGE PLANT (23) • TEXARKANA (29) 

0 PLASTIC HOLOCENE (24) ~ VAL DI CHIANA (30) 



Slark and Delashaw 

25 

\._- 20 
0 

+-' 
u 
0 

LL 15 
Q) 

c 
0 
() 10 

0 
x 
0 5 
\._ 

I-

::::J 
::::J 0 

0 10 20 30 40 50 60 

Plasticity Index 

FIGURE 3 Variation of UU triaxial cone factor with plasticity 
index. 

Diego sites. It can be seen that the values of Nkuu range from 
8.5 to 16.5, with an average value of approximately 12. Each 
data symbol represents the median value of PI and Nkuu cal
culated at each site, while the lines surrounding each point 
illustrate the range of PI and Nkuu· The symbols for the San 
Diego and San Francisco Bay Mud (12) sites correspond to 
the median value of Nkuu for a particular boring. 

In a comparison of Figures 2 and 3, Nkuu shows considerably 
less scatter than the corrected cone factor NZ- The reduction 
in scatter is probably due to the use of tip resistance values 
measured by using only a standard electrical cone and the 
repeatability and simple interpretation of UU triaxial tests . 
Some of the scatter observed in NZ is probably due to soil ani
sotropy, strain rate effects, and the difficulties in interpreting 
and performing field vane shear tests. 

VARIATION OF CONE FACTOR WITH 
LIQUIDITY INDEX 

Figure 4 presents the variation of UU triaxial cone factor with 
the natural water content. The majority of the natural water 
contents ranges from 20 to 60. In a comparison of Figures 3 
and 4, the range in natural water content for a particular site 
was significantly smaller than that observed in PI. In an effort 
to incorporate natural water content into the correlations, 
Nkuu was plotted against the liquidity index (LI) . 

The LI provides an index for scaling the natural water con
tent and an insight into the engineering behavior of the deposit. 
It can be seen from Figure 5 that the majority of the sites had 
an LI ranging from 0.2 to 1.0, which indicates a plastic behav
ior during shear. This behavior is typical for the normally 
consolidated to lightly overconsolidated clays investigated 
during this study. Therefore, the use of the LI may provide 
a better index for Nkuu than PI because it incorporates infor
mation about water content, plasticity, and the engineering 
behavior of the soil. In addition, sensitivity S, can be estimated 
from LI by using data presented by Eden and Kubota (31) 
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FIGURE 4 Variation of UU triaxial cone factor with natural 
water content. 

and Bjerrum (16). Their data were used to derive the follow
ing equation for estimating sensitivity: 

s, = lQ(Ll - 0 20) (3) 

To facilitate the determination of undrained shear strength, 
the data base was replotted in terms of net cone resistance 
(qc - av0 ) and undrained shear strength . It can be seen from 
Figure 6 that the majority of the data plots along a straight 
line corresponding to a value of Nkuu equal to approximately 
12. The symbols in Figure 6 correspond to the median value 
of Nkuu for a particular site or boring. The scatter of Nkuu 

appears to increase slightly as the net cone resistance and 
undrained shear strength increase. This is probably due to the 
uncertainty of interpreting cone measurements in stiff clays. 

VARIATION OF CONE FACTOR WITH 
UNDRAINED STRENGTH RATIO 

Ladd and Foott (8) showed that the undrained shear strength 
of clays is controlled by the effective consolidation stress 
a~c• or the overconsolidation ratio (OCR) or both. As a result, 
Mayne and Kemper (32) and Wroth (33) have suggested plot
ting the normalized net cone resistance (qc - av0)/rr~c versus 
the undrained strength ratio S.,la~c · The advantages of using 
the normalized net cone resistance are that it is dimensionless 
and it is directly related to the overconsolidation ratio as 
shown below: 

Nkuu • f(OCR) (4) 

It can be seen from Figure 7 that the normalized net cone 
resistance is directly related to the undrained strength ratio. 
Also indicated in Figure 7 is a line that corresponds to Nkuu 
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FIGURE 6 UU triaxial cone factor as a function of net cone 
resistance and undrained shear strength. 

equal to 12, which again is in good agreement with the data . 
Therefore, a reasonable estimate of undrained strength ratio 
for nonfissured, normally to lightly overconsolidated (over
consolidation ratios ranging from 1 to 5) clays can be obtained 
directly from values of normalized net cone resistance, using 
an Nkuu of approximately 12. 

VERIFICATION OF UNDRAINED SHEAR 
STRENGTH 

Tiu: undrained shear strength obtained from the design charts 
presented here should be verified by using previously pub-
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FIGURE 7 Variation of UU triaxial cone factor with 
normalized net cone resistance with undrained strength ratio. 

lished relationships for undrained strength ratio. One of the 
most widely used relationships was presented by Jamiol
kowski et al. (33) and is shown below: 

s~ = co.23 ± o.o4) · ocR0
•
8 

CTvc 

(5) 

This relationship is applicable to most soft sedimentary clays 
of low to medium plasticity and is frequently used to evaluate 
embankment stability. This relationship was developed pri
marily from the results of direct simple shear tests. Data pre
sented by Ladd and Edgers (35) and Jamiolkowski et al. (34) 
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have shown that triaxial compression tests yield slightly higher 
values of undrained shear strength than direct simple shear 
tests. As a result, to obtain an estimate of S" that corresponds 
to the UU triaxial strength, the coefficient in Equation 5 can 
be increased to approximately 0.3 and the equation simplified 
to what follows for most clays: 

(J~c 
(0.30) . OCR0·8 (6) 

SUMMARY 

Values of the empirical cone factor vary considerably depend
ing on the type of cone, cone test procedure, the reference 
strength, and, most important, the soil deposit. The main 
objective of this research was to develop a new cone factor 
N1ruu for nonfissured, normally to lightly overconsolidated clays 
( overconsolidation ratios ranging from 1 to 5) using the tip 
resistance from only electrical cones tested in accordance with 
ASTM Standard D3441 and values of undrained shear strength 
measured in UU triaxial tests. Undrained shear strengths 
measured by using isotropically consolidated-undrained, 
unconfined compression, anisotropically consolidated
undrained triaxial tests, vane shear, or other strength tests 
were not used in the correlations reported herein. 

UU triaxial cone factors Nkuu were calculated for three soft 
to medium canyon alluviums in the San Diego area. The 
average value and range of Nkuu were calculated to be 
11.0 ± 2.0, 11.0 ± 2.5, and 12.4 ± 0.8 for the Lopez Ridge 
Crossing, Creekside Estates, and Rancho Del Oro sites, 
respectively. An extensive literature search was conducted to 
locate 18 additional sites for which Nkuu could be calculated. 
Variations of the UU triaxial cone factor with plasticity index, 
natural water content, liquidity index, net cone resistance, 
and undrained strength ratio were developed from the data 
base. Those correlations show significantly less scatter than 
that observed in previous cone factors based on field vane 
shear tests. The reduction in scatter is believed to be due to 
the uncertainty in interpreting vane shear tests and the repeat
ability of UU triaxial tests when high-quality samples are 
available. 
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Evaluation of In Situ Strength of a Peat 
Deposit from Laterally Loaded Pile Test 
Results 

STEVEN L. KRAMER, RENALDI SATARI, AND ALAN P. KILIAN 

Peat soils exhibit strength and stiffness characteristics that are 
strongly influenced by extension and interlocking of fibers within 
the peat. Consequently, the in situ strength and stiffness char
acteristics of peat cannot be measured accurately with existing 
small-scale laboratory or field testing instruments. The use of an 
instrumented pile lateral load test is described for evaluation of 
the strength and stiffness characteristics of a peat deposit that 
had been exerting lateral stresses on existing pile foundations. 
Pile load tests were performed on two relatively flexible piles 
installed in approximately 45 to 50 ft of fibrous peat. Each pile 
was instrumented with both strain gauges and inclinometers. The 
piles were loaded laterally at the ground surface until displace
ments increased so quickly that additional loads could not be 
placed. At this point, the strength of the peat had been mobilized 
in a relatively large volume of soil in the vicinity of the pile. 
Interpretation of the strain gauge and inclinometer readings allowed 
definition of the deflected shapes of the piles and of the unit soil 
resistance profiles. Those deflected shapes allowed evaluation of 
the p-y behavior of the soil from which the strength and stiffness 
could be obtained . Those strength and stiffness values were con
sistent with those obtained for other peats and with the available 
results of a previously performed laboratory testing program. 

Measurement of the shear strength of peats has posed a dif
ficult problem for geotechnical engineers for many years. Many 
peats exhibit a component of shear strength that results from 
extension and interlocking of fibrous, organic material within 
the peat (1,2). Conventional laboratory strength tests on rel
atively small-scale samples often do not reflect this fibrous 
component of shear strength. Most conventional in situ strength 
tests also mobilize shear strength on a relatively small surface 
and do not capture the fibrous component of shear strength . 
Landva (2), in a comprehensive review of in situ testing of 
peats, states that "cone penetration and vane testing ... do 
not give meaningful results in peats and peaty organic soils" 
but that such results "can be obtained through large-scale or 
full-scale testing." In this paper, the use of a laterally loaded 
pile test as an in situ test to measure the strength and stiffness 
of peat is described. The resistance of a peat to lateral dis
placement of a pile requires mobilization of shear strength in 
a relatively large volume of soil in the vicinity of the pile. This 
volume of peat is large enough that the fibrous component 
of shear strength is reflected in the soil resistance from which 
an accurate estimate of the in situ shear strength can be made. 

S. L. Kramer and R. Satari, Department of Civil Engineering, FX-
10, University of Washington, Seattle, Wash. 98195. A. P. Kilian , 
Materials Laboratory, Washington State Department of Transpor
tation, 1655 South Second Avenue, Tumwater, Wash. 

In situ strength tests generally fall into two main categories: 
direct measurement tests , which directly measure the strength 
of the soil on a known and constrained failure surface, and 
indirect measurement tests, which mobilize the strength of 
the soil on an unknown failure surface where the geometry 
is obtained from an appropriate theory of soil mechanics . The 
vane shear test (3 ,4) and the Iowa borehole shear test (5 ,6) 
are examples of the former, and the cone penetration test 
(7,8), pressuremeter test (9,10), screw plate test (11,12) , and 
plate load test (13 ,14) are well-established examples of the 
latter. The use of indirect measurement tests requires that the 
physical phenomena to be measured be understood and that 
a reasonable model relating the measured phenomena to the 
parameter(s) of interest be available. Modeling of the response 
of pile foundations to lateral loads has developed rapidly in 
recent years to the point where the p-y behavior of soft soils 
can be expressed in terms of their strength and stiffness 
characteristics (15 ,16). 

BACKGROUND 

The site, profiled in Figure 1, is located on the I-90 right-of
way immediately west of Lake Washington Boulevard near 
the eastern shore of Lake Washington in Bellevue, Washing
ton. The site is traversed in the east-west direction by a pile
supported Seattle Water Department pipeline and four pile
supported I-90 elevated-bridge structures. The eastern edge 
of the site is bordered by the Lake Washington Boulevard 
embankment fill, which rises to an elevation about 15 ft above 
the remainder of the site. Figure 2 is a plan of the site. Sub
surface soil movement in the area of the eastbound collector
distributor (EBCD) and westbound collector-distributor 
(WBCD) ramps of the I-90 Bellevue Transit Access project 
has been observed over a period of several years . This sub
surface soil movement has resulted in movement of existing 
pile-supported structure.s in the area, including highway bridges 
and a water supply pipeline. The original purpose of the research 
described in this paper was to investigate the lateral load 
behavior of piles in the Mercer Slough peats for the design 
of new pile-suppqrted structures and to estimate the forces 
exerted on the existing piles by lateral movement of the 
surrounding peat. 

The site is part of Mercer Slough, which in this area has a 
generally flat and level surface covered with marsh grasses 
and small trees. The groundwater level at the site is approx-
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FIGURE 1 Site location. 

imately at the ground surface. Subsurface investigations indi
cated that the site subsurface conditions are dominated by a 
peat deposit of variable thickness. The peat deposit generally 
overlies clay and silt deposits, which overlie granular mate
rials. Artesian pressure conditions have been observed in the 
soils underlying the peats. The peat was described in previous 
subsurface investigations performed for the Washington State 
Department of Transportation as a "brown, fibrous, organic 
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FIGURE 3 Subsurface profile. 
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material, with a low dry density and shear strength and high 
water content and compressibility." The Lake Washington 
Boulevard fill rests at least partially on the Mercer Slough 
peat, and its weight is considered to be the driving force 
causing movement of the peat. A subsurface profile along the 
WBCD is presented in Figure 3. 

FIELD AND LABORATORY MEASUREMENT OF 
PEAT STRENGTH 

Previously performed subsurface investigations in the vicinity 
of the pile load test sites consisted of conventional boring and 
sampling along with vane shear and cone penetration test 
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profiling. Unconsolidated-undrained (UU) triaxial and vane 
shear tests indicated peak undrained shear strength ranging 
from values as low as 15 to 175 psf with a possible trend of 
modestly increasing strength with depth (see Figure 4). This 
large range of variability is consistent with that observed in 
other studies of vane shear tests in peat (2 ,17). Two piezocone 
penetration test profiles indicate a uniform tip resistance of 
approximately 340 psf with a friction ratio of 1.5 percent to 
6 percent. Measured pore pressures were essentially hydro-. 
static. The cone penetration logs are as indicated in Figure 
5. Interpretation of cone penetration tests in peat has been 
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recognized as being very difficult (2) owing to lateral de
flection of typical size penetrometers and to the mode of 
deformation and failure. 

LATERAL LOAD BEHAVIOR 

Two test piles were installed in the Mercer Slough peats and 
were subjected to lateral loads at the ground line. Flexible 
piles were required to develop the pile bending necessary for 
evaluation of unit soil resistance because of the very soft 
nature of the soil. Test pile diameters reasonably near those 
of the actual piles were required to model the actual piles 
accurately in the area with minimal scale effects. Those con
flicting requirements led to the optimum selection of an 
intermediate size pile with relatively thin walls. 

Test Materials, Instrumentation, and Procedures 

The piles used in the lateral load tests were 8-in. diameter 
steel pipe piles with 0.25-in. wall thickness. The piles were 
nominally 60 ft long and were installed with open ends to 
allow penetration under their own weight as far as possible 
and then by additional static vertical load supplied by the 
boom of a boom truck. The piles were instrumented with 11 
pairs of bonded resistance strain gauges placed diametrically 
opposite each other at distances of 5 ft 8 in., 6 ft 4 in., and 
7, 8, 9, 11, 13, 17, 23, 29, and 37 ft from the top of the pile. 
The strain gauges and associated wiring were waterproofed 
and protected by 1 'lz-in. steel angles welded to the outside of 
the piles. The steel angles were attached in 10-ft-long sections, 
each lightly welded at only their bottom ends, to provide the 
desired protection during pile installation without influencing 
the flexural resistance of the pile . 

Test pile 1 (TPl) penetrated under its own weight to a depth 
of approximately 15 ft and was then pushed to refusal at a 
tip depth of about 51 ft. The pile, originally 59 ft long, was 
then removed and reinstalled nearby after cutting a 5-ft length 
off the bottom to allow the highest strain gauges to be located 
just below the ground surface. Test pile 2 (TP2) penetrated 
under its own weight to a depth of about 20 ft and was then 
pushed to refusal at a tip depth of approximately 43 ft. The 
pile, originally 60 ft long, was removed and reinstalled nearby 
after cutting a 14-ft length off the bottom. After installation, 
the tops of TPl and TP2 were 5 and 3 ft above the ground 
surface, respectively. 

Lateral loads were applied to the piles by a 100-ton capacity, 
9-in. throw, hydraulic jack. The deflection and slope of the 
pile at the point of load application were obtained by meas
uring the horizontal distance between the pile and each of 
the three spring-tensioned horizontal wires stretched at dif
ferent heights between stakes placed outside of the zone of 
influence of the pile. The subsurface deformation of each pile 
was monitored by both strain gauges and an inclinometer. 
The strain gauges were monitored during testing by a PC
based automatic data acquisition system that was housed at 
the site in a small tent and was powered by a dedicated gen
erator. A 40-ft long slope inclinometer casing was suspended 
inside each of the piles and was pressed against the sides of 
the piles by an inflatable air bag. The air bag was constructed 
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of 6-mil polyethylene sheeting with an unrestrained inflated 
diameter of about 24 in. When installed in the 7.5-in. I.D. 
pile and inflated to approximately 1.5 psi by a high-volume 
low-pressure compressor (ShopVac), stresses in the air bag 
itself were very low and leakage or rupture was not observed. 
Slope measurements were made at 2-ft intervals along the 
length of the inclinometer casing. 

On TPl, the loads were applied through a cabling arrange
ment so that the test pile was pulled toward the reacting bridge 
pier, located approximately 12 ft from the test pile. On TP2, 
the pile was jacked away from a nearby pile cap. Applied 
loads on TPl were measured by a GEOKON model 3000 load 
cell provided by the Washington State Department of Trans
portation (WSDOT). The output from this load cell proved 
to be quite low for the load range used in the tests, and it 
was replaced by a load cell from the University of Washington 
structural engineering laboratory for TP2. The load cell used 
for TP2 was approximately seven times more sensitive than 
that used for TPl. Lateral loads were increased incrementally 
by an electrically controlled hydraulic pump, which operated 
essentially as a displacement-controlled device. The resistance 
of the peat to lateral loads was observed to be time dependent, 
with the pile head load observed to decrease with time under 
constant pile head deflection. The top deflection and slope, 
and the load cell and strain gauges, were read immediately 
after application of each load increment and again after a 
period of approximately 10 to 15 min, at which time incli
nometer readings were also taken. Intermediate load cell 
readings were taken on a number of occasions to study the 
time dependent behavior of the peat. 

Test Results 

TPl was installed on April 3, 1989, and was tested on April 
10, 1989. Lateral loads were increased incrementally with two 
unload-reload loops, and a final unloading measurement was 
made after the pile had reached its maximum lateral displace
ment of approximately 8,.5 in. TP2 was installed on April 21, 
1989, and was tested on April 24, 1989. Lateral loads were 
increased incrementally with no unload-reload loop in order 
to simulate the type of monotonically increasing loads that 
would be caused by moving peat. The load-deflection response 
measured at the tops of TPl and TP2 were generally similar 
(see Figure 6). 

The survivability of the resistance strain gauges was lower 
than was expected. Whether owing to mechanical damage 
during installation or to ineffectiveness of waterproofing mea
sures, only a few of the strain gauge pairs functioned properly. 
The inclinometer data, however, were consistent with inde
pendent measurements of top deflection and slope. The incli
nometer (slope) and working strain gauge (curvature) data 
were combined for each pile and reduced by multivariate 
optimization with multiple constraints for conformance with 
the measured boundary conditions at the top of the pile and 
with the assumption of fixity at the bottom of the pile. This 
procedure allowed expression of the deflected shape of the 
piles in terms of 8th-order polynomials. The deflected shapes 
of TP2 obtained by this procedure for lateral loads of 2.4, 
4.8, and 6.9 kips are presented in Figure 7. 
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INTERPRETATION OF LOAD TEST RESULTS 

Evaluation of in situ shear strength from the results of an 
indirect in situ test requires interpretation of the test results 
within the framework of some applicable theory of soil 
mechanics. Cone penetration test interpretation, for example, 
often makes use of deep-bearing capacity theory, while plate 
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load test interpretation relies on shallow-bearing capacity the
ory. Interpretation of the lateral load tests described in this 
paper was performed within the framework of p-y curve 
analysis. 

For this purpose, the data from both test piles were initially 
combined because no significant difference in the character
istics of the peats at the two test sites was apparent from the 
available information. However, because a more accurate load 
cell was used for TP2 and because TP2 inclinometer readings 
were each made at a consistent time of 15 min after the time 
of load application, the final interpretation of results was 
based solely on the TP2 data. 

To correlate the results of those lateral load tests with the 
known behavior of laterally loaded piles in other types of 
soils, the test results were interpreted within the framework 
of an existing p-y curve development procedure. The pro
cedure selected was the integrated clay criteria of O'Neill and 
Gazioglu (16). The integrated clay criteria are similar in many 
respects to the soft clay criteria of Matlock (15), but they have 
been shown to represent the influence of pile diameter more 
accurately and to be accurate over a much wider range of soil 
conditions than the soft clay criteria. Those features of the 
integrated clay criteria were considered important in the inter
pretation of the results of only two tests on small-diameter 
piles in the unusual soil conditions of Mercer Slough. 

The integrated clay criteria specify a relationship between 
unit soil resistance p and lateral pile deflection y at depth x 
to be of the form 

P = ~Pull(~) 0.

37 

$Pull 

where 

( )

0. 125 

Ye = 0.8 Ee yD !~ 

p,,11 = F Np cD 

N = {3 + 6 (xlxcr) 
p 9 

and 

for X $ Xcr 

for X > Xen 

Es = secant soil stiffness, 
Ee = critical strain [at one-half (ud)max in UU triaxial test], 
F = soil degradability factor describing brittleness of soil, 
c = cohesive strength of soil, and 

D = pile diameter. 

In this formulation, the unknown quantities are the soil 
degradability factor F, the cohesive strength of the soil c, the 
secant soil stiffness E,, and the critical strain Ee For the ductile 
peat material, the soil degradability factor was assumed to be 
equal to 1 (J 6). 

The remaining three unknowns were varied in a direct search 
optimization procedure to find the combination of soil prop-
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erties providing the best fit with the observed results. The soil 
properties were assumed to be constant throughout the peat 
because from the information entropy standpoint (17) there 
were no compelling reasons to assume otherwise. The optimi
zation procedure sought to minimize the weighted error between 
measured and predicted pile displacements along the length 
of the pile. To account for the fact that greater strains are 
induced in the soil near the ground surface, the error function 
gave more weight to displacement errors near the ground 
surface than at greater depths. For each load, the weighted 
error was taken as 

" L + 1 
weighted error = .2: ---

1 
IYmeas - Yp«dl; 

;~1 X; + 

where n is the number of points at which measured and pre
dicted displacements were compared, L is the length over 
which measured and predicted displacements were compared 
and Ymeas and Ypred are the measured and predicted displace
ments, respectively, at depth X;. To obtain parameters that 
predi°cted the observed behavior at both low loads and deflec
tions and at high loads and deflections, the total weighted 
error was taken as the sum of the individual weighted errors 
at lateral loads of 2.4, 4.8 and 6.9 kips. The properties inferred 
by this procedure were c = 200 psf, Es = 1,000 psf, and 
Ee = 3.6 percent. 

Integrated clay criteria p-y curves developed from those 
values predicted pile head load-displacement behavior, which 
agreed well with the observed behavior (see Figure 8). The 
predicted deflected shapes of the pile also agreed reasonably 
well with the observed deflected shapes (see Figure 9). As 
was expected, the agreement was better at shallower depths 
where pile deflections and soil strains were largest. 

For a model to be useful in the prediction of a particular 
parameter value, the prediction error should be sensitive to 
values of that parameter. A sensitivity analysis indicated that 
the total weighted error was sensitive to the cohesive strength 
c but not to the critical strain E0 or to the secant soil stiffness 
Es. This sensitivity is illustrated in Figure 10, where the shaded 
bands along each abcissa represent ± 10 percent deviation 
from the inferred parameter value. 
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The inferred cohesive strength of 200 psf is somewhat higher 
than the strengths obtained from the field and laboratory tests 
previously performed at the site but is within the range of 
shear strengths reported for other peats. The difference is 
likely attributable to the fibrous component of strength in the 
peat that is lost during sampling and not mobilized during 
relatively small-scale vane shear and cone-penetration testing. 
Poulos (18), on the basis of lateral load tests in cohesive soils 
reported by Broms (19), computed secant soil moduli ranging 
from 15 (low cohesive strength) to 95 (high cohesive strength) 
times the cohesive strength of the soil. The inferred secant 
soil modulus of 1,000 psf then appears reasonable for the 
Mercer Slough peat tests because the fibrous component of 
shear resistance provided by fiber tension in peat will require 
significantly more strain to be mobilized than would be required 
in the nonpeaty cohesive soil considered by Broms (19). The 
inferred critical strain of 3 percent is generally consistent with 
that observed in the UU triaxial tests on the Mercer Slough 
peats and for other very soft soils and is consistent with the 
assumption that the soil degradability factor F was equal to 
1 (16). 

SUMMARY AND CONCLUSIONS 

In a case where the shear strength of a fibrous material such 
as peat or other soil with strong secondary structure is to be 

TRANSPORTATION RESEARCH RECORD 1278 

~ 
200 

100 

180 200 220 
c (psi) 

~ 
200 

ffi 
100 ~ 

3.0 3.6 4.2 

ec(%) 

~ 
200 

a: 
w 

100 .....__.__.._ 
800 1000 1200 

Es (psi) 

FIGURE 10 Results of sensitivity analysis. 

measured, an in situ test that mobilizes shear strength in a 
relatively large volume of soil is desirable. In a peat deposit 
in Washington state, a laterally loaded pile test was success
fully used to measure in situ shear strength. It must be rec
ognized, as with all in situ strength tests, that the measured 
strength corresponds to the failure mechanism induced in the 
soil by the test and should therefore be applied with care to 
problems involving significantly different failure mechanisms. 
Also, by the nature of the laterally loaded pile problem, the 
measured in situ strength is expected to be more representa
tive of the strength near the ground surface than at greater 
depths. 

The resistance to two laterally loaded test piles offered by 
the Mercer Slough peats was reasonably described by use of 
the integrated clay criteria with a cohesive soil strength of 200 
psf, a soil secant modulus of 1,000 psf, and a critical strain 
of 3 percent. Those strength and stiffness parameters are con
sistent with those observed for other peats and with the results 
of laboratory tests of the peats at the site. Thus, they are 
considered to provide an indication of the strength and stiff
ness of the Mercer Slough peats that is improved over that 
obtained by small-scale field and laboratory tests. 
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Confined Compression Test for Soils 

L. w. ZACHARY AND R. A. LOHNES 

The ratio of lateral to vertical stress at zero lateral strain (K0 ) is 
a soil characteristic that is important in several geotechnical appli
cations. At present, no unanimity exists as to how K 0 should be 
calculated or how it is influenced by stress history. The uncer
tainty regarding this soil characteristic may be reduced through 
improved measurements. At present, triaxial testing and confined 
compression tests are used. Triaxial testing is cumbersome and 
limited to certain soil types. Confined compression tests ignore 
the presence of wall friction and thus may introduce unknown 
factors in the measurement. A new confined compression tester 
is described that measures wall shear stresses along with vertical 
and horizontal stresses. Confined compression tests on Ottawa 
sand, alluvial sand, crushed limestone, and coal and comparisons 
with K 0 tests conducted in triaxial apparatus on replicate speci
mens of the two materials are included. The new test device shows 
promise and should lead to improved methods for evaluating K 0 

in soils and provide a tool for achieving an understanding of how 
stress history influences this important soil characteristic. 

The "at rest" lateral stress ratio for soils K 0 is used in retaining 
wall and deep foundation analyses and estimates of the loads 
on buried pipes, and has been shown to influence the shearing 
resistance of soils. K 0 also affects the bearing capacity and 
settlement of shallow foundations, but it is seldom used. Some 
uncertainty exists about how to estimate or measure this soil 
characteristic, and the uncertainty is greatest in very loose 
soils, compacted fills, and overconsolidated sediments and 
residual soils. 

Several analytical methods use the soil shear strength as 
the key parameter to estimate or calculate K 0 and involve a 
measurement followed by a calculation based on assumptions. 
The application of K 0 estimated in this manner carries with 
it the indeterminacy inherent with both measurement inac
curacies and analytical assumptions. The measurement of lat
eral stresses for zero lateral strain is accomplished by both in 
situ and laboratory methods. In general, interpretation of field 
tests is difficult because of poorly defined boundary conditions 
and uncertain drainage conditions. More specifically, individ
ual in situ K

0 
testers are limited to a fairly narrow range of 

soil types. Laboratory tests suffer from sample disturbance 
for any measurement, and K

0 
tests are limited to cohesive 

soils and mechanical overconsolidation (1). 

PREVIOUS STUDIES 

One early application of lateral stress ratios in particulate 
materials is Janssen's equation (2) used to calculate the ver
tical and horizontal stresses that ensiled bulk solids exert on 

L. W. Zachary, Engineering Science and Mechanics Department, 
Iowa State University, Ames, Iowa 50011 . R. A. Lohnes, Civil and 
Construction Engineering Department, Iowa State University, Ames, 
Iowa 50011. 

container bottoms and sides. This equation includes a lateral 
stress ratio k. Janssen explicitly stated that k should be mea
sured for each material to be stored. Probably because of 
problems associated with measuring k, Rankine's (3) active 
case, Ka, was soon employed in the Janssen equation (4). The 
use of Ka has persisted into recent structural codes for silos 
and was employed by Marston (6) when he adapted Janssen's 
equation to calculate the loads on buried pipes. The use of 
Ka is inappropriate because the Janssen/Marston equations 
were developed on the premise that vertical loads are reduced 
by the shear that occurs on the vertical walls of the silo or on 
the sides of the ditch and that Rankine's Ka is for the ratio 
of minor to major principal stresses. The Rankine expression 
is also for failure stresses, and there is some question as to 
whether this is appropriate for static loads at no lateral strain. 

J aky (7,8) also was interested in the ratio of principal stresses 
for the zero lateral strain case as they applied to ensiled bulk 
solids and developed a theoretical equation lo preuicl K 0 from 
the friction angle qi of the material. He later showed that this 
equation applied to soils and retaining walls and simplified 
the equation to the famous form: 

... 1<.o = 1 - sin.¢ 

This equation is attractive for its simplicity and is used widely 
for granular soils. However, the equation is flawed by a 
dependency on a failure parameter. Actually K 0 is dependent 
on deformation (9) and not on failure. 

Hendron (10) used a specially instrumented oedometer to 
measure the lateral stresses during loading and unloading of 
sands. His data show that for most sands during loading Jaky's 
equation gives reasonable estimates of K 0 • During unloading 
the horizontal stress increased and even exceeded the vertical 
stress. Subsequent work with the oedometer on clays (11) 
indicated that K 0 of normally consolidated clays could be 
estimated from an equation similar to the Jaky equation with 
the 1 replaced by 0.95 and that K

0 
of overconsolidated clays 

varied with overconsolidation ratio (OCR) and plasticity index 
of clay. Schmidt (12) suggested an empirical exponential rela
tionship between K 0 and OCR. This oedometer had a small 
height-to-diameter ratio to minimize wall friction. 

A specially designed oedometer was used to establish a 
relationship between K

0
, liquid limit, and OCR for clays (13). 

This oedometer had a height of 3.5 in. and a diameter of 7 
in. to " ... accommodate a large enough sample with minimum 
sidewall friction." 

Mayne and Kulhawy (14) conducted a statistical study of 
170 soils to empirically predict K

0 
from qi and OCR and con

cluded that the Jaky equation is valid for normally consoli
dated clays and "moderately valid" for normally consolidated 
sands. During unloading K

0 
is approximately dependent 
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on <f>, and, when reloaded , horizontal stresses can be esti
mated from <f>, OCR, and the maximum OCR. All of those 
relationships are summarized in one equation. 

Feda (9) used zero lateral strain triaxial tests to measure 
K 0 of sands and concluded that the Jaky equation applied 
only to dense sands and that the stress-dilatancy theory (Rowe) 
could be used to predict K 0 for normally consolidated sands. 
For overconsolidated sands, an exponential relationship 
between K 0 and OCR exists up to a maximum K 0 , approaching 
Rankine's passive stress ratio KP. 

Studies of agricultural grain in zero lateral strain triaxial 
tests indicated that measured values of K 0 were slightly lower 
than those predicted by the Jaky equation (15). This study, 
intended for application to calculating static lateral stresses 
in silos, did not include unloading and overconsolidation effects. 

The preceding brief discussion illustrates that the Jaky 
equation may have limited application for estimating K 0 • 

However, recent studies use the equation for calculating stresses 
in compacted fills (16) and for evaluating the effects of ani
sotropic consolidation on soil shear strength (17). No unan
imity may exist concerning how K0 should be calculated, and 
this, in part, may result from the various methods used to 
measure the lateral stresses in soils and other particulate mate
rials . K 0 is an important parameter, and an improved test 
method may contribute useful information. 

CURRENT LABORATORY TESTS 

In some K 0 triaxial tests, lateral strains are monitored with a 
circumferential strain gauge (9), and it is assumed that the 
strains throughout the height of the test specimen are uniform. 
A second approach is to continuously monitor volume change 
and axial strain and continuously adjust confining stresses to 
achieve zero lateral strain, which would require computer
controlled servomechanisms for effective data collection. A 
third approach is to use a piston entering the cell that has the 
same diameter as the test specimen, and, by monitoring cell 
volume and by maintaining the volume at a constant value, 
average zero lateral strain will be maintained as the test spec
imen shortens (18,15). This last approach seems the most 
effective, but all triaxial tests are difficult to conduct on soft 
soils and are awkward for obtaining reliable data during 
unloading. 

The oedometer test allows loading and reloading cycles but 
has the disadvantage of unknown shear stresses acting on the 
sides of the test specimen. In conventional equipment (10,11) 
or special apparatus (13,19), those stresses are always assumed 
to be zero. This is highly unlikely, even in equipment where 
the specimen size is thin to minimize shear. It is the opinion 
of the authors that ·thin specimens may be subjected to addi
tional measurement errors because of end effects, and some 
evidence exists to support this opinion (1). 

DESCRIPTION OF THE CONFINED 
COMPRESSION TESTER 

The confined compression apparatus used in this work is illus
trated in Figure 1. The thin-walled circular cylinder is made 
of acrylic and rests on an acrylic platform. Acrylic was orig-
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FIGURE 1 Confined compression test apparatus. 

inally chosen because of its low stiffness relative to metals 
and to assure that the strains in the cylinder would be large 
enough to measure accurately. Acrylic is clear, and the sample 
can be viewed during test set up and during deformation. In 
applications where variable lateral constraint is of interest, 
different cylinder diameters, wall thicknesses, and cylinder 
material may be used. Except for frictional considerations 
between the platform and cylinder, the cylinder is free to 
expand in the radial direction. The radial expansion is quite 
small, as is noted later. The vertical load is applied to the 
bulk solid by a piston located at the top of the cylinder. 

The piston is made of Delrin, which has a low coefficient 
of friction and also has good strength properties. The piston 
is backed by an aluminum stiffening plate. The piston is made 
slightly undersized, 2 mm on a 145-mm diameter, to keep the 
piston from transferring load directly to the cylinder. The load 
Fr at the top piston is monitored by a commercial load cell 
with a load capacity of 4448 N (1,000 lb). The load is supplied 
by a hand-operated pump and hydraulic ram. A dead load 
system, a lever arm and a fixed weight, could also be used in 
place of the hydraulic ram. The displacement of the upper 
piston is monitored by a dial gauge capable of measuring 
increments of 0.0254 mm (0.001 in.). A linear differential 
transformer can also be used to measure the piston movement. 

At the bottom of the cylinder, another Delrin piston mea
sures the force F8 , which is the force transferred to the soil 
in the axial direction . The force is monitored by a load cell 
of the authors' own design . The strain gauge-based load cell 
has a capacity of 1330 N (300 lb) and a sensitivity of 2. 79 µIN 
(12.42 µ/lb), where µ is in micrometers per meter of strain 
or microinches per inch of strain. The sensitivity is also the 
calibration factor of the load cell. Owing to the deflection of 
the load cell, the lower piston moves only very slightly when 
compared with the motion of the upper piston, and, it can be 
neglected. Again, the piston is undersized to keep the shear 
transmitted to the cylinder by the piston at a negligible level. 

Four rectangular strain gauge rosettes are located at 90-
degree increments around the cylinder at distance h

8 
below 

the top surface of the soil. Each pair of gauges measures the 
axial and hoop strains of the cylinder. The four axial strains 
are averaged to give the axial strain in the cylinder and like
wise for the hoop (circumferential) strains. Because heat dis
sipation is a problem, 350-ohm gauges were used. Thermal 
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drift is insignificant for the amount of time required to take 
the strain readings . A switch anrl hal<1nce unit is used <1long 
with a constant voltage strain indicator. The bridge voltage 
is 2 V. The 350-ohm gauges have a gauge length of 6.35 mm 
(0.25 in.) and a gauge area of 46.8 mm2 (0.0725 in2). 

The soil vertical strain Ev is determined by dividing the 
vertical movement of the upper piston by the original height 
h of the soil specimen. A set of tests on a granular material 
indicated that h/D ratios did not effect the results. This assumes 
that the axial strain is uniformly distributed throughout the 
depth of the material. The horizontal or lateral stress in the 
soil, uH, is determined by realizing that uH acts as an internal 
pressure on the thin wall cylinder. By using the thin wall 
pressure vessel formula to relate the internal pressure to the 
hoop stress u 0 in the cylinder, plus, by incorporating the plane 
stress/stress-strain relationship , u H can be determined as follows: 

(1) 

where t, D, E, and v are the thickness, diameter, Young's 
modulus, and Poisson's ratio , respectively, of the cylinder . 
Here, E0 and E• are the average hoop and axial strains of the 
cylinder as was measured by the strain gauges. 

E and v of the acrylic 145-mm (5. 72-in.) diameter cylinder 
are needed, so a 41-mm x 300-mm longitudinal slice of mate
rial was taken from the cylinder to be used as a tensile spec
imen. The thickness of the cylinder wall and slice was 3.33 
mm (0.131 in.). Two strain gauges were used to measure the 
longitudinal and lateral strains of the tensile specimen made 
from the longitudinal slice. The stress-strain diagram was nearly 
linear to 400 µ. All of the tests reported here had strains less 
than this vaiue. E was found to be approximately 2.2 GPa 
(320 ksi) . Poisson's ratio over the same range was 0.38 . 

A check on the uH values obtained from Equation (1) is 
desirable. However, no direct check is possible. A secondary 
check that involves the same strains and material properties 
is developed next. The axial stress in the cylinder at the gauge 
location is 

(2) 

The same axial stress will be estimated by using the forces 
measured by the pistons . By ignoring the weight of the bulk 
solid, an approach similar to Janssen's (2) can be used to 
determine the axial stress. The assumption that the weight 
effects are negligible is good for the apparatus illustrated in 
Figure 1. Referring to the free body diagram, Figure 2, that 
illustrates the vertical loads acting on the soil, the following 
equation holds: 

dF = TIDT dx (3) 

Then, assuming that the shearing stress is related to the hor
izontal stress by a constant coefficient of friction, 

T = µuH (4) 

To relate the horizontal stress to the vertical stress uy, it is 
assumed that the stress ratio constant is 
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FIGURE 2 Soil free body diagram. 

(5) 

Combining Equations 3, 4, and 5, 

dF = µkTIDuy = 4µkF(x) (6) 
dx D 

where 

Uy = 4F(x)hrD2 (7) 

The solution to this differential equation is of the form 

Applying the boundary conditions 

~~=~ ~ 

F(h) = FB (10) 

yields 

(11) 

and 

(12) 

The force in the wall of the cylinder at the gauge location 
is equal to the force at the top piston minus the force in 
the granular material given by Equation 11. This gives a wall 
stress of 

(13) 

Combining Equations 7 and 11 gives the average vertical stress 
in soil 

(14) 
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PRELIMINARY TEST RESULTS 

The confined compression tester was conceived to study the 
effects of wall roughness and stiffness on the stress distribution 
of ensiled particulate materials (20,21). Later it was recog
nized that the equipment has the potential to give new insights 
into factors that influence K 0 of a wide variety of soils, espe
cially those difficult to characterize in terms of lateral stress 
ratios . 

Confined compression tests were conducted on Ottawa sand , 
an alluvial sand, crushed limestone, and coal. Hoop strains 
were observed to be about 0.00022 mm/mm. Because the 
strains were so small, the results of the confined compression 
tests were compared with those of K

0 
triaxial tests. The wall 

friction coefficients were compared also with direct shear tests 
of the Ottawa sand and coal on the same acrylic used for the 
confined compression tester. The wall friction coefficients agree 
within 0.02 and help substantiate the assumption of Equation 
4. Jaky's K0 was computed from friction angles measured in 
triaxial tests . The confined compression tests included load
ing, unloading, and reloading tests. The data for those four 
materials are summarized in Table 1. The values for k are 
the ratios of horizontal-to-vertical stress as was calculated 
from Equations 1 and 14. The values for K0 are the ratios of 
minor principal stress to major principal stress calculated 
from the horizontal, vertical, and wall shear stresses and the 
equations 

CT1 + CT3 

2 

(15) 

where CT 1 and CT3 are major and minor principal stresses, 
respectively; CTv and CTH are the vertical and horizontal stresses , 
respectively ; and T is the shear stress at the wall. 

The wall friction µ' was calculated from Equation 12. The 
confined compression test results indicate that the materials 
tested have a wide range of K 0 values and that those values 
roughly correlate with the K0 as measured in triaxial tests. 
However, confined K 0 are consistently lower than triaxial K 0 

and, in the case of the Ottawa sand and crushed limestone 
approach, Rankine's active stress ratio . The behavior of the 
sand is consistent with Feda's (9) conclusion. 

The variation between the triaxial and confined compres
sion K 0 values is the basis for continued study. Although it 

TABLE 1 RESULTS OF PRELIMINARY CONFINED 
COMPRESSION TESTS IN COMPARISON WITH TRIAXIAL 
AND DIRECT SHEAR TESTS ON THE SAME OR SIMILAR 
MATERIALS 

CONFINED 
COMPRESSION c.c. TRI AX THEORY 

MATERIAL KO U' KO KO KO KA 

nT'T'.i\Hfi. SD n. 36 n. 17 (l,li'.1 n. '\? 0. 36 0.117 n. 11 

ALLUVIAL SD 0.11, 0.29 0.1, 7 (\, 29 o. 30 0.1,2 0.26 

CRUSHED LS 0.31 o. 27 O.•B o. 27 o.•• 0.30 o. 25 

COAL (), 35 0. 32 0. 3• o. 32 0. 33 o. 33 0.18 
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can be argued that the small lateral strains are sufficient to 
mobilize active case conditions, it is important to question the 
reliability of both the horizontal and the vertical stresses as 
determined in the confined compression test. 

The horizontal stress is calculated from Equation 1 by using 
strains measured directly on the container. An internal check 
on the horizontal stress calculation can be found by calculating 
the axial wall stress from both Equations 2 and 13 . Equation 
2 uses the same strains used in Equation 1, whereas Equation 
13 uses the forces at the top and bottom of the container. 
Both equations, using independent data, give the same result 
and verify the strain measurements and demonstrate that the 
horizontal stress computation is reasonable. 

The main concern, then , is the computation of vertical stress. 
Equation 8 assumes that the vertical stress is uniform across 
the diameter of the specimen. Axial symmetry and the wall 
shear stress require that the vertical stresses vary from a max
imum along the central axis of the specimen to a minimum 
at the wall of the container. Shear stresses acting on the ver
tical and horizontal planes are maximum at the wall of the 
container and decrease to zero at the center of the test spec
imen where the vertical and horizontal stresses are major and 
minor principal stresses, respectively . This is a fundamental 
limitation of the Janssen/Marston equation, and several ana
lytical solutions have been suggested (22-24). All of those 
solutions use assumptions on the shape of the vertical stress 
distribution curve to solve the problem and, as such, are 
inadequate to validate or modify this measuring technique. 
The only way to determine the vertical stress distribution 
across the diameter of the soil specimen confidently is to 
measure it , and the technique for this difficult task is under 
development. 

Figures 3, 4, and 5, illustrating Ottawa sand data, provide 
evidence of the potential of the confined compression tester. 
Similar results were obtained from other materials. Figure 3 
is a plot of vertical stress versus horizontal stress for three 
load/unload cycles . The virgin loading cycle has a linear slope 
k from which K 0 can be calculated. Unloading curves indicate 
that horizontal stresses remain high during unloading , and, 
as vertical stresses approach zero, horizontal stresses are higher 
than vertical stresses . Residual horizontal stresses occur at 
zero vertical stress. For reloading, k is lower , as would be 
expected for a densified specimen . Figure 4 is a plot of hor
izontal stress versus shear stress where the slope of the curve 
is µ'. As was expected, the loading and reloading curves are 
quite linear and nearly parallel. Finally, Figure 5 presents 
stress-strain curves with strain hardening that is typical of 
confined compression tests. 

CONCLUSIONS 

Confined compression tests with the new test device can be 
conducted in 20 min when compared with triaxial tests that 
require as much as 2 to 3 hr. The device should accommo
date a wide range of soils and allows study of the effects of 
overconsolidation ratios and time on K

0
• 

Preliminary confined compression tests on sands, crushed 
limestone, and coal produce stress-strain curves that exhibit 
strain hardening, as was expected, and the measured value 
of k is linear throughout virgin loading. The horizontal stresses 
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FIGURE 4 Shearing stress and horizontal stress curve. 

remain higher at equivalent vertical stresses upon unloading, 
resulting in variable k values that approach Rankine's KP as 
the vertical stresses approach zero. Residual horizontal stresses 
remain at zero vertical stress. The reloading curves are linear 
but have lower k values than the virgin loading. Wall friction 
coefficients determined in this confined compression test com
pare favorably with those measured by direct shear tests . 
Those data show considerable promise for the test device . 

However, when the contined compression results are com
pared with triaxial test results, the interpretation is not so 
straightforward. 

This study illustrates the complexity of obtaining accurate 
K 0 measurements and suggests that some previous K 0 test 
results may have been somewhat naively interpreted and may 
have contributed to some of the confusion regarding accurate 
values of K 0 • Continued development of this device appears 
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FIGURE 5 Confined stress-strain curve. 

appropriate and necessary. The application of this device to 
saturated clays can be achieved by incorporating pore pressure 
transducers into the walls of the cylinder. 
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Numerical Evaluation of the Pullout Box 
Method for Studying Soil-Reinforcement 
Interaction 

ZEHONG YuAN AND KooN MENG CHUA 

Soil-reinforcement interaction properties are fundamental design 
parameters in the design of reinforced earth structures. Those 
properties can be determined either from direct he<1r or pullout 
tests. The pullout ox test was used because it is more versatile 
than the direcl hear te 1 method in 1baL it can be u eel to study 
wire meshes , strips, geogrids, geotextiles, and other types of rein
forcements in different soils. The internal dimension of the pull
out box is 30 in. long, 28 in. wide , and 24 in. deep . A finite
element program called GEOTID capable of solving both the 
planar problem and the axisymmetric solid of revolution was 
developed. The soil-reinforcement system in GEOT2D is repre
sented by isoparametric continuum elements, two-node mem
brane elements, and four-node interface elements. It is shown 
that with the nonlinear interface shear parameters obtained from 
the direct shear test pullout responses can be accurately predicted. 
Conversely, by matching numerically predicted pullout responses 
with measured pullout responses, it is possible to obtain nonlinear 
interface parameters directly from pullout tests, which can in turn 
be used to study performance of various types of reinforcements 
in earth structures. Effects of size of the apparatus , the reinforce
ment stiffness or extensibility , and the gap on pullout responses 
are discussed. The procedure presented takes into account those 
variables and thus yields soil-reinforcement interface properties 
both accurate and consistent for all applications. 

In the design of reinforced earth structures , which includes 
reinforced earth retaining walls and reinforced slopes, the soil
reinforcement interaction properties described by the inter
face friction angle and cohesion are the fundamental design 
parameters. Those properties can be obtained either from 
direct shear tests or from pullout tests . 

In recent years the New Mexico State Highway and Trans
portation Department (NMSHTD) has been considering and 
using different types of reinforcements in slope stabilizing and 
earth-retaining structures. During the past 4 years, more than 
130 pullout tests have been performed for NMSHTD at the 
University of New Mexico (UNM) . The reinforcing materials 
tested include wire meshes, geogrids , and geotextiles, and 
they were tested in concrete sands and different types of clays 
and silty sands. A substantial data base of pullout responses 
is available (1). 

This study is presented in two parts. In the first part the 
soil-reinforcement interaction properties obtained from direct 
shear tests can be used in the numerical code to match 
pullout box test results . In the second part, to obtain soil
reinforcement interface properties from pullout tests accu
rately, those properties should be back calculated by matching 

University of New Mexico, Albuquerque , N. Mex. 87131. 

numerical predictions with test results . The interface prop
erties obtained by using this approach are thus independent 
of the apparatus configuration. 

BACKGROUND 

Soil Reinforcement 

The concept of reinforced earth essentially involves intro
ducing elements that can take tension into the soil mass and, 
as a result, increase the stability of the earth structure. This 
concept is an appreciable one and is shown to be reliable . 
However, recently and with numerous types of new soil
reinforcing elements being made available and also with more 
demanding design applications, there is a need to perform 
more accurate analysis of these reinforced earth structures . 

There are two basic types of soil-reinforcing elements: metallic 
and synthetic. The metallic type includes galvanized steel strips, 
welded wire mesh, stainless steel, plain steel, and aluminum 
alloy . Structural plastics were introduced only in recent years. 
Polyester was used first in the nonwoven form . Other plastics 
used include polypropylene and polyethylene. These plastic 
materials are available in forms of geogrids and geotextiles. 
Geogrids are relatively stiff, netlike materials with large open
ings (typically 1/2 to 2 in.) between ribs or bars, whereas geo
textiles are textiles in the traditional sense and can be found 
in woven and nonwoven forms. 

Analysis of Reinforced Earth Structures 

The conventional methods (2 ,3) for analyzing and designing 
reinforced earth structures follow the limit equilibrium 
approach. Basically, the methods require the assumption of 
the failure surface and then checking for equilibrium based 
on that surface. The methods are simple and easily understood 
by practicing engineers. However, the methods cannot be 
used to predict deformation behavior of reinforced earth 
structures and are usually very conservative . The other approach 
involves numerical methods, which include the finite-element 
method. Numerical methods can be made to predict both 
failure and deformation of reinforced earth structures more 
accurately. 

The finite-element approach used in studying reinforced 
earth structures is divided into two methods: composite and 
discrete. The composite method ( 4,5) treats the behavior of 
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reinforced earth as a locally homogeneous composite mate
rial. The displacement compatibility between soil and rein
forcement is inherently assumed. This approach suffers from 
two major drawbacks: (a) it does not allow direct assessment 
of the internal and local stability of reinforced earth structures 
and (b) the discretization of the soil-reinforcement system 
is somewhat arbitrary. In the discrete approach, the soil
reinforcement system is represented by continuum elements, 
reinforcement elements, and soil-reinforcement interface elec 
ments and can evaluate both internal stability and external 
stability of reinforced earth structures. 

Constitutive Modeling of Soil-Reinforcement System 

Modeling of Soils 

The soil can be modeled as in other applications by using the 
hyperbolic stress-strain soil model (6). The tangent modulus 
(E,) can be expressed as 

E = [i R,(I - sin ij>)(o-1 - a3)]

2 

KP (rr3)" 

I 2c COS <!> + 2<J' 3 sin <!> a pa 

where 

Pa = atmospheric pressure, 
k = modulus number , 
n = modulus exponent, 

Rf = failure ratio, 

(1) 

c, cj> = soil cohesion and soil friction angle, 
respectively, 

a,, rr3 = maximum and minimum principal 
stresses, respectively, and 

K, n, Rf, c, and cj> = material parameters. 

The values of those material parameters can be determined 
from conventional triaxial tests. The Mohr-Coulomb failure 
criterion is assumed, and the deviator stress is limited by 

(a, - CJ ) 
__ 2c cos cj> + 2 rr3 sin cj> 

3 1 1 - sin cj> 
(2) 

Modeling of the Soil-Reinforcement Interface 

One method of modeling soil-structure interaction behavior 
was suggested by Clough and Duncan (7). The expression for 
the interface shear stiffness is given by 

R1,i-rl )
2 

c1 + er,. tan 8 

where 

K; interface modulus number, 
'Yw = water density, 
Pa atmospheric pressure, 
an = normal stress, 

T = interface shear stress, 
Rf; = failure ratio, 

c; interface cohesion, and 
o = interface friction angle. 

(3) 
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As can be seen, the Mohr-Coulomb failure criterion is 
incorporated into this hyperbolic equation. 

Factors Affecting Pullout Response 

A summary of the factors affecting pullout responses observed 
in the laboratory is given by Juran et al. (8), and the factors 
include the following: 

• Density of soils: The pullout resistance is greater in a 
dense soil than in a loose soil. 

•Confining/normal stress: The amount of dilation in dense 
soils decreases with increasing confining stress. As a result, 
the apparent friction angle also decreases. 

• Particle interlocking: The degree of particle interlock is 
defined by the ratio between the grid opening or fiber spacing 
and average particle size. When this ratio approaches unity, 
the effective particle interlocking within reinforcement increases 
and the pullout resistance is also increased. 

• Grid orientation: The orientation of grid reinforcements 
affects the total bearing area, which is the area normal to the 
direction of pullout. 

• Stiffness of the reinforcement: The pullout resistance and 
thus average soil-reinforcement interface shear stresses are 
functions of reinforcement stiffness. For low stiffness rein
forcements, the interface shear stresses are not uniformly 
distributed. 

• Boundary effects: The effect of the rigid front face on 
pullout response is not well understood. Johnston (9) per
formed pullout tests with and without the front face and reported 
that a lower pullout resistance was generated with a rigid front 
face. However, the results of similar tests by Hornbeck (IO) 
showed that a flexible front face produced a lower pullout 
resistance. This disparity suggests that it may be important 
to determine the appropriate gap size in the soil box to 
pull the reinforcement through. This issue and the effect of 
reinforcement stiffness are investigated in this study. 

Laboratory Test Methods 

As was mentioned earlier, direct shear and pullout tests are 
two laboratory testing methods to determine soil-reinforcement 
interface properties. In the direct shear test, the reinforce
ment is fixed on a plane face, usually onto a wooden block, 
with soil sliding over that. The pullout test is a more elaborate 
one. A reinforcement is placed at the mid-depth in a rectan
gular container full of soil. The reinforcement is pulled through 
a gap from one side of the box. For reinforcements with larger 
openings, such as Tensar SR2 geogrids, the shear box method 
may not be applicable, and a pullout box of a large dimension 
is more appropriate. 

When comparing the results from the two different test 
methods, Ingold (JI) observed that the pullout test gives higher 
values of the apparent friction angle for metallic and high 
modulus geogrid reinforcements and lower values for the more 
extensible geogrids and geotextiles. Also, it has been observed 
that the apparent friction angle obtained from pullout tests 
decreases with increasing normal pressure for low tensile mod
ulus reinforcements, whereas the direct shear tests yield an 



118 

approximately constant interface friction angle (11 ,12) . Thus , 
there appears to be a need to consider what is really being 
measured. In the direct shear test , because the membrane is 
glued to a rigid block (see Figure la) the tensile stress in the 
reinforcement is small. As a result, measurements from the 
direct shear test will be more a function of soil-reinforcement 
interface properties (i.e., interface friction angle and cohe
sion) and not the reinforcement stiffness. On the other hand, 
in the pullout test (see Figure lb) both interface shear stress 
and tensile stress are mobilized owing to the pullout , and the 
pullout resistance depends on both interface properties and 
reinforcement stiffness. 

COMPARING PULLOUT TEST RESULTS WITH 
NUMERICAL SIMULATION 

Experimental Study 

Pullout Box and Test Procedure 

The steel pullout box at UNM was designed and built in 1985 
for the NMSHTD and is described in detail by Carney (13) . 
The internal dimension of the pullout box (see Figure 2) is 
30 in . long x 28 in . wide x 24 in . deep . The loading system 
consists of three 20-ton capacity hydraulic jacks, one of which 
is used to apply the vertical load and the other two for the 
pullout. Strain-gauge-type load cells are used to measure 
applied loads. The applied vertical load is transmitted to the 
soil by a pyramid thick wooden blocks and is assumed to be 
uniformly distributed in the soil mass before the pullout force 
is applied. The maximum vertical pressure available is 6,800 
psf, \.Vhich is equivalent to an overburden of 60 ft of soil. The 
reinforcement is usually pulled at some constant rate after the 
vertical load is applied , and the pullout distance is measured 
by dial gauges at the pulling end . The dial readings are then 
reduced by the amount caused by extension of the exposed 
end of the reinforcement to obtain the accurate pullout 
displacement at the front face of the box. 

(a) Direct Shear Test 

t 
Soil 

Reinforcc mc11i ...... -------
r""'- ----------

Soil 
(IJ) Pullout Tcs l 

FIGURE 1 Two types of laboratory testing methods for 
determining soil-reinforcement interface properties. 
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FIGURE 2 Schematic diagram of the pullout box. 

Pullout Test Results 

T 
Oo 
N 

l 

Performed pullout tests were performed with Geolon 200 and 
Tensar SR2 in concrete sand. The sand used was fine to medium, 
well graded (SW) , with a coefficient of uniformity of 5.08 . 
For all the pullout tests the sand was rained from 14-in . height 
to obtain a uniform dry density of about 108 pcf and a rel ative 
density of about 70 percent. Results from conventional triaxial 
tests indicate that the effective friction angle of the sand is 
42 degrees. 

Geolon 200, which is a woven geotextile, had a tensile 
strength of about 100 lb/in . according to uniaxial tensile tests. 
The stress-strain curve is given in Figure 3. For the pullout 
tests , the 18-in .-wide geotextile was placed at the middle hor
izontal section of the pullout box with 1 ft of concrete sand 
below and 1 ft above . The lateral clearance between th !! spec
imen and box was 5 in. on each side (see plan view, Figure 
2). The geotextile was wrapped around a 3-in. diameter cyl
inder at the pulling end, and the cylinder was fixed to a chan
nel beam. The channel beam moves along a track in the 
horizontal direction (see Figure 2) . The other end of geotextile 
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~ 

c: 
J3 
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40 r:ri 
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Vl 
c: 20 ... 
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0 
0 

FIGURE 3 

Sample Size: 48 x 18 in . 

o Experimental 
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5 1 0 
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Stress-strnin relationship of Geolon 200. 

1 5 
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is free to move. The geotextile was pulled at a constant rate 
of about 0.3 in./min after the predetermined vertical load was 
applied. 

The overburden pressures used were 0.71, 1.58, 4.14, and 
5.03 psi, respectively. The results in terms of pullout force
displacement curves are presented in Figure 4. Figure 5 pre
sents the average shear strength curve (Tr<r,, relation) of the 
sand-Geolon 200 interface. The average maximum shear stress 
is defined as the maximum pullout force from each pullout 
test divided by twice the embedded plan area of the rein
forcement. The sand-Geolon 200 interface shear strength 
envelope obtained from direct shear tests is also indicated in 
Figure 5 for comparison. 

Referring again to Figure 5, it can be seen that the maxi
mum average shear stress Tr obtained from pullout tests 
approaches a limiting value as the normal pressure cr,, is 
increased whereas Tr increases linearly with increasing cr,, in 
direct shear tests. This is true because the maximum pullout 
force in any pullout tests should be less than the tensile strength 
of the reinforcement. The limiting value of Tr is usually equal 
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FIGURE 4 Predicted and measured pullout responses of 
Geolon 200 in sand. 
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FIGURE 5 Average shear strength curves of sand-Geolon 200 
interface. 
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to the tensile strength divided by twice the embedded plan 
area of the reinforcement. Here, Tr defined this way is a func
tion of the specimen or the pullout box dimension. The lim
iting value of Tr for the sand-Geolon interface with this par
ticular pullout box (30 in. x 28 in. x 24 in.) is only about 
1.67 psi, as indicated in Figure 5. 

Numerical Simulation 

Finite-Element Code: GEOT2D 

To model pullout tests and behavior of reinforced earth struc
tures by using the discrete finite-element approach, a finite
element program GEOT2D was developed that models both 
the axisymmetric volume of revolution and the planner types 
of reinforced earth structures. This was achieved by using a 
combination of continuum, membrane, and interface ele
ments. The new axisymmetric interface model and the axi
symmetric membrane element model (14) were incorporated 
into the program to model accurately the axisymmetric type 
of reinforced earth structures. In the laboratory this feature 
allows the simulation of composite behavior of reinforced soil 
samples in conventional triaxial conditions. For modeling 
pullout tests, only the plane strain type of analysis will be 
performed. 

Modeling of the Soil 

The hyperbolic stress-strain relation as described in Equation 
1 was used to model the sand. The values of parameters K, 
c, <!>, n, and Rr were obtained from triaxial tests and are 
presented in Table 1. 

Modeling of Reinforcement 

The tensile test was performed with a 48-in. long x 18-in. 
wide piece of Geolon 200 geotextile. The tensile strength was 
found to be about 100 lb/in. width at 12.5 percent of axial 
strain, about 20 percent higher than that reported by the 
manufacturer that used a 4-in. wide specimen according to 
ASTM D-1682 (grab test). The larger width is more appro
priate because geotextiles are normally not applied in narrow 
strips, and therefore the edge effects caused by the transverse 
reinforcement should be considered. The tensile test results 
of Geolon 200 show the nonlinear stress-strain behavior (see 
Figure 3). To take into account the nonlinearity, the following 
hyperbolic relationship was assumed: 

€ 
(J = ---

ex + (3e 
(4) 

TABLE 1 HYPERBOLIC PARAMETERS FOR CONCRETE 
SAND 

K 
200. 

n 

0.5 
Rf 

0.7 
c 
0 

G 

0.35 
F 
0 

d 
0 
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where 

ex, 13 = constants, 
u = tensile stress, and 
e = tensile strain. 

It can be seen from Figure 3 that the proposed model fits 
the test data reasonably well. The values of parameters ex and 
13 for Geolon 200 geotextile are 0.00075 in.lib and 0.0049 in./ 
lb, respectively. The tensile modulus of Geolon 200 reduces 
from an initial value of 1,330 lb/in. at zero strain to about 430 
lb/in. at failure (12.5 percent strain), which represents a 
more than three times variation. At a high strain level, the 
linear or linear secant tensile modulus approximation will be 
inaccurate. 

Modeling of Soil-Reinforcement Interface 

The hyperbolic interface model described by Equation 3 is 
obtained by incorporating the Mohr-Coulomb failure criterion 
into the original hyperbolic equation. In the numerical anal
ysis, a small residual interface shear stiffness is assigned to 
the interface element when the mobilized interface shear stress 
is greater than the shear strength calculated from the failure 
criterion. Because the interface is actually an interaction 
response and not a "material," the "shear strength" and resid
ual interface shear stiffness approach may not be appropriate. 
In view of this, the original hyperbolic form was followed, 
but without attempting to incorporate the failure criterion into 
the model. The interface shear stiffness ks is directly con
trolled by the relative displacement between soil and rein
forcement 

k = !!_ = a 
s au, (a + bu,)2 

(5) 

where 

a the inverse of the initial shear stiffness, 
b the inverse of the ultimate interface shear stress, and 
u, = the relative displacement between soil and the 

reinforcement. 

The two fundamental hyperbolic parameters a and b are found 
to be dependent on the normal stress . For sheetlike rein
forcements, a and b can be determined easily from the direct 
shear tests. Four direct shear tests were performed to deter
mine the sand-Geolon 200 interface parameters. The shear 
stress-displacement curves are presented in Figure 6. The val
ues of a and b corresponding to the different normal stresses 
u,, are listed in Table 2. By correlating a and b with u,,, we 
obtained the following two relationships: 

a = 0.0036u; 0 5 

b = 1.2u,;- 1 0 

(6) 

(7) 

and the corresponding coefficient of correlation, R2 , is 0.97 
and 0.94, respectively. The forms of expression are chosen to 
simplify the representation of the numerical interface model. 
Alternatively, the set of shear stress versus relative displace
ment curves can be input into the program, and interpolation 
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FIGURE 6 Stress-displacement curves of sand-Geolon 
200 interface. 

TABLE 2 VARIATION OF u and b WITH"" FOR SAND
GEOLON 200 INTERFACE 

On (psi) 3.10 

ac10-3 in/lb) 1.98 

b(lQ-3 in2/lb) 463.40 

7.06 

1.37 

167.62 

13.77 

1.02 

92.61 

17.22 

0.76 

68.01 

is performed in a subroutine. This simple model can be seen 
to match the direct shear test results indicated in Figure 6 
quite well. The data points beyond the peak shear stresses 
are neglected because it is inconceivable that the reinforcing 
material would be allowed to go beyond this level in a design. 
In any case, as in most laboratory tests, measurements beyond 
the failure threshold are affected by numerous factors not 
related to the soil properties . 

It is possible that the a and b values are related to c1 and 
8. If this is the case, then the "cohesion" will be strictly a 
function of the surface texture of the material and the soil. 
However, the "apparent friction angle" will have to include, 
for instance, the effects of aggregate-reinforcement interlock, 
grid spacing, lateral-bearing capacity , and soil dilation (and, 
hence, the soil properties). The aim of the subsequent phase 
of the study is to attempt to define a and b from the rein
forcement characteristics and soil properties by using the 
pullout test data base at the University of New Mexico. 

Simulation of the Pullout Box 

The finite-element mesh used to simulate pullout tests is pre
sented in Figure 7. Because the box is made of Vz-in.-thick 
steel plates, it is reasonable to assume that soil particles cannot 
move in the direction perpendicular to the boundary. The 
reinforcement, however, is allowed to move freely in the 
longitudinal direction. 

The soil-reinforcement system is represented by four-node 
isoparametric continuum elements, a two-mode membrane 
element, and four-node Goodman-type interface elements (15). 
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FIGURE 7 Finite-element discretization of pullout tests. 

t Load· 

The shear stiffness of the interface element was described in 
an earlier section. During the pullout test , the applied vertical 
load is kept constant but the pullout force increases contin
uously until the peak value is reached. To model this process, 
the pullout force is applied in small increments. 

Results 

The x displacement fields (the lateral soil movement in the 
longitudinal direction) for a typical pullout test at 10, 50, and 
100 percent of the maximum pullout force of 50 lb/in. width 
are shown in Figure 8-10. The pullout displacement corre
sponding to the peak pullout force is 1.28 in . A narrow high 
displacement band is developed around the reinforcement 
with the maximum occurring at some distance away from the 
front face owing to the rigid front face effect. Figure 11 pre
sents the three-dimensional plot of soil movement in the x 
direction. 

The contour of principal stress ratio (u,lu3) at maximum 
pullout force is presented in Figure 12. The higher stress ratios 
are found near the face of the pullout box and indicate the 
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FIGURE 8 Contours of x-displacement at IO percent of 
maximum pullout force (I0- 3 in.). 
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maximum pullout force (l0- 3 in.). 

20 

16 

12 

8 

failure zone. Figure 13 presents the tensile force distributions 
along the reinforcement at different pullout load levels for a 
typical pullout test. The tensile force decreases from the pull
out end to the front end in a nonlinear manner, which indi
cates a nonuniform distribution of shear stresses along the 
reinforcement. 

Referring again to Figure 4, the predicted pullout response 
matches the measured response of the four pullout tests quite 
well and suggests that the interface parameters a and b, obtained 
from direct shear tests as was described earlier, are essentially 
the same as those in the pullout tests . Thus it appears that 
the difference between soil-reinforcement interaction param
eters obtained from direct shear and pullout tests reported 
by other researchers (5-7) may be caused by the interpre
tation approach rather than by testing methods. If the inter
face properties are obtained as shown here, then it will be 
possible to accurately predict responses of reinforced earth 
structures in the form of the pullout test as well as in the field. 



122 

FIGURE 11 Three-dimensional display of x-displacement at 
maximum pullout load (10- 3 in.). 

FIGURR 12 
pullout load. 
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FIGURE 13 Predicted tensile stress distribution along 
Geolon 200. 
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OBTAINING INTERFACE PROPERTIES FROM 
PULLOUT TESTS 

The interface properties of sheetlike reinforcements such as 
Geolon 200 can be obtained from the direct shear tests without 
difficulty. However, it is difficult to perform direct shear tests 
to obtain the interface properties for certain types of rein
forcements, such as geogrids and wire meshes. For those types 
of reinforcements, the pullout testing method is more appro
priate. The problem associated with the pullout test is how 
to obtain interface parameters from the pullout results and 
at the same time consider the nonuniform distribution of inter
face shear stresses and factors affecting the pullout results. 
This can be done by matching the measured pullout re
sponse numerically. The procedure for obtaining interface 
parameters from the pullout tests is as follows: 

• Determine properties of soil and reinforcement and assign 
some reasonable values to interface parameters a and b; 

• Use the interaction parameters as input and perform the 
numerical simulation by using GEOT2D or a similar numer
ical code; 

• Compare the numerical pullout response with the mea
sured response; and 

• Change interface parameters until the measured pullout 
response is matched. 

Interface Properties 

This procedure was used to obtain nonlinear interface param
eters a and b between Tensar SR2 geogrid and concrete sand 
from pullout test results. The stress-strain parameters a and 
r3, obtained from a tensile test, are 0.00023 in./lb and 0.0024 
in ./lb, respectively. The soil is the same sand used in the study 
described earlier. Figure 14 presents a reasonably good match 
of the predicted and the measured pullout response of Tensar 
SR2 geogrid in the sand. The back-calculated a and b values 
at different overburden pressures un obtained by the proce
dure are given in Table 3. By correlating a and b with un, 
these two parameters can be expressed as functions of un, 
which are also given in Table 3. 
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FIGURE 14 Comparison of experimental and numerical 
results of SR2 in sand. 
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TABLE 3 VARIATION OF a AND b FOR SAND-SR2 
INTERFACE 

crn (psi) 0.71 2.29 3.83 

aoo-3 in/lb) 3.92 1.61 1.18 

b(lo-3 in2/Jb) 3.00 1.20 0.72 

a = 0.0030 cr--0.7 
n 

b = 2.67 cr-1.o 
n 

Factors Influencing the Pullout Response 

Extensibility 

5.37 

0.98 

0.50 

To investigate the effects of reinforcement extensibility or 
stiffness on pullout responses, a series of pullout tests was 
simulated by fixing interface parameters a and b and by vary
ing reinforcement stiffness k0 • The reinforcement was assumed 
to be linearly elastic to simplify this investigation. Figure 15 
shows predicted pullout responses with different kn. From 
Figure 15 a higher kn will result in a larger pullout resistance 
for a given pullout displacement. 

Gap Size of the Pullout Box 

The gap effect was investigated by simulating pullout tests of 
SR2 in concrete sand in the pullout box with different gap 
sizes. The results, given in Figure 16, indicate that the pullout 
resistance will increase as the gap size is made smaller. This 
is because the soil arches around the opening and thus pro
vides more shear support to the reinforcement near the face 
of the front wall. The results indicate that this factor should 
be taken into account when a pullout box is designed. How
ever, if the numerical approach presented here is followed, 
then the actual gap size can be simulated and, hence, be 
included in determining the pullout response . 
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FIGURE 15 Predicted effect of reinforcement stiffness on 
pullout resistance. 
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FIGURE 16 Predicted effect of gap size on pullout resistance. 

CONCLUSIONS 

Soil-reinforcement interface behavior can be obtained from 
the pullout test by using the test results in conjunction with 
the GEOT2D finite-element program. The pullout test is more 
versatile than the direct shear test and can be used to study 
wire meshes, strips, geogrids, geotextiles, and other types of 
reinforcements in different soils. The computer program 
GEOT2D can accurately predict pullout responses in pullout 
tests by using the nonlinear interface properties obtained 
from direct shear tests, which indicate that interaction param
eters from the two testing methods are basically the same for 
sheetlike reinforcements . 

The following conclusions were made regarding pullout 
resistance measured in the laboratory: 

1. Pullout resistance measured directly from pullout tests 
should be used with caution because the response is a total 
response that depends on the configuration of the pullout box 
or the specimen dimension . 

2. In pullout tests, soil-reinforcement interface shear stresses 
are not uniformly distributed along reinforcements. Average 
shear stresses and thus apparent interface parameters are 
functions of the specimen dimension. 

3. The direct shear testing method can be easily used to 
evaluate interaction properties between soil and sheetlike 
reinforcements, such as Geolon 200, but is not appropriate 
for gridlike reinforcements, such as Tensar SR2. 

4. A stiffer reinforcement will result in a larger pullout 
resistance for a given pullout displacement. 

5. The pullout resistance appears to increase with a small 
gap size . It is suggested that the gap effect should be considered 
when comparing results of different test apparatus. 

Finally, it should be realized that average or apparent soil
reinforcement interaction properties obtained from the direct 
and the pullout testing methods are different. This is mainly 
because of different methods of interpretation rather than by 
testing methods. However, the procedure presented here will 
take into account the different test configurations, soils, and 
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reinforcements to determine soil-reinforcement interface 
characteristic. 
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Field Experience with the Back-Pressured 
K 0 Stepped Blade 

RICHARD L. HANDY, CHRIS MINGS, DAVID RETZ, AND DONALD EICHNER 

The K0 stepped blade measures lateral pressures in situ in clay, 
silt, and sand soils. Pressures are measured after penetration of 
the soil by progressively thicker steps of a thin blade, and data 
points identified as representing consolidating behavior of the 
soil are extrapolated to obtain a hypothetical pressure on a zero
thickness blade. Pressures are measured with Teflon-covered 
pneumatic pressure cells designed to give 1-1 calibrations and 
ease of field repair. A new back-pressured readout system gives 
data reproducible to the nearest gauge dial increment, 1 psi (7 
kPa). Most applications involve defining the soil stress history by 
measuring and plotting lateral stress versus depth. In nonexpan
sive soils the amount of prior surcharge may be estimated and 
the consolidation state established. Lateral stresses were used to 
delineate influences from compaction, expansive clays, adjacent 
shallow foundation loading, and interactions with pile and with 
retaining walls. For example, the lateral pressure on an existing 
wall was measured to test for pressures from expansive clay, 
relevant to the existing factor of safety. Passive pressures may 
indicate expansive clays or may warn of imminent bearing capac
ity failure per a cited example. Tests cannot be performed in 
stony soils, owing to difficulty in pushing the blade and the risk 
of damaging the pressure cells, nor can lateral stresses be mea
sured in very soft clays where pressures from insertion of the 
blade exceed the limit pressure, which is probably attributable to 
the development of excess pore water pressure. 

PRINCIPLE 

The K
0 

stepped blade was developed to measure lateral soil 
pressures in situ. The blade is rectangular, sharpened at the 
lower end, and becomes progressively thicker up the shank 
in a series of flat rectangular steps (Figure 1). Each step has 
its own pressure cell to measure the lateral soil pressure exerted 
on that step after the blade has been pushed into the soil. 
Tests are performed by drilling to above the test depth and 
then alternately pushing one step length and reading all 
embedded pressure cells. Thus, a series of pressure readings 
is obtained at each subdepth. By plotting the several step 
pressures measured at each subdepth as a function of the step 
thickness, an extrapolation may be made (as indicated in Fig
ure 1) to give hypothetical pressures on a zero thickness blade 
as an indication of the lateral total stress existing in the soil 
before blade insertion. Effective stresses are estimated by 
subtracting static pore pressures calculated from depth below 
a water table or measured with piezometers. 

R. L. Handy and D. Eichner, Department of Civil and Construction 
Engineering, Iowa State University, Ames, Iowa, 50011. C. Mings, 
Geo-Hydro Engineers, Inc., 100 E. Callahan St., Rome, Ga., 30161. 
D. Retz, Burns & McDonald Engineering, 4600 E. 63d St., Kansas 
City, Mo. 64141. 

HISTORY 

The stepped blade was developed for the U.S. Federal High
way Administration to provide a rapid and accurate alter
native for measuring lateral in situ stress in soil. The goal was 
a method that would be accurate to within 1 lb/in. 2 (7 kPa) 
and be more rapidly and more readily performed than self
boring pressuremeter tests. The approach described here was 
borrowed from analytical chemistry; that is, to recognize that 
some disturbance to the soil is inevitable if a hole is bored or 
an instrument inserted into the soil so that instead of attempt
ing to prevent disturbance the disturbance is allowed to hap
pen and its effects removed by extrapolation. 

The initial development of the stepped blade was made by 
Soil Systems, Inc., Marietta, Georgia, with Iowa State Uni
versity as subcontractor from 1976 to 1981 under FHW A 
sponsorship. Tests and developments were continued at Iowa 
State from 1982 to 1987, with Eichner Engineering Co. as 
subcontractor for developmental work and J.-L. Briaud's group 
at Texas A&M University doing the comparative pressure
meter and finite-element studies. During this time the blade 
went through five major redesigns, the latest incorporating a 
back-pressure readout system and a back rib to stiffen and 
strengthen the blade without appreciably affecting pressure 
readings. 

The blade development was preceded and was partly inspired 
by the pioneering work of Marchetti with the dilatometer. 
The main differences between the stepped blade and the dila
tometer follow: The blade has several steps, each with its own 
pressure cell, and is several times thinner than the dilatom
eter. The blade cells are pneumatic and nonexpansive, and 
the dilatometer is electropneumatic and expansive. The dila
tomcter is shorter and more rugged and can be pushed con
tinuously, and the blade requires predrilling to each test depth 
where it then is pushed. The soil responses differ, as do the 
methods for data interpretation. The dilatometer interpre
tations depend more on established empirical correlations. 

DEVICE 

Ratio of Width to Thickness 

Most in situ soil testing devices are cylindrical in shape, with 
the lower end sharpened to a cone or hollow cone. An obvious 
difference between pushing a thin, flat blade and pushing or 
driving a cone is the reduction of the amount of soil displaced 
and disturbed. Further, the thinner the blade, the less soil 
should be disturbed. 
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Laboratory tests with layered modeling clay showed a linear 
relationship between the thickness of the disturbed zone and 
the thickness of the blades, the blade width being constant 
(1). The ratio of width to thickness can be used as a dimen
sionless measure of relative blade thinness: the higher the 
ratio, the thinner the blade. In the case of solid cylindrical or 
conical test devices, the ratio is 1.0. Ratios for those and other 
devices including the current stepped blade are listed in Table 
1 and presented in Figure 2. In the case of the two samplers 
listed, the (w) is taken as the inside circumference of the 
sampler and the thickness (t) is twice the wall thickness, since 
soil is displaced only toward the outside. 

Back-Pressured Pneumatic Pressure Cells 

A late development in blade research, and a key factor for 
improving the reliability and precision of the pressure read
ings, was the invention of a back-pressured system for oper
ating and reading the pneumatic pressure cells (2). Most pneu
matic cells, including those of earlier model blades, operate 
by applying inside gas pressure against a diaphragm exposed 
to the pressure to be measured. Then, when the pressures 
are equalized, the diaphragm lifts sufficiently to allow gas to 
flow through the cell and be detected with a flowmeter. Those 
are referred to as normally closed or venting type cells (3). 
In curly versions of the blade, pressure wus applied to urea 
A in Figure 3, and area B was monitored for flow. After flow 
had been achieved, gas pressures may have been reduced to 
obtain a pressure reading for the initiation of a no-flow con
dition. This was not done in early blade testing because of 
the undesired effect of pushing the soil away and then allowing 
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TABLE 1 WIDTH-THICKNESS RATIOS FOR SOME SOIL 
PENETRATION TEST AND SAMPLING DEVICES 

peyice. c rnm w Pllll w/t 

Standard cone 35. 7 35.7 1. 0 

SPT 15.9 110 6. 9• 

3-in. Shelby tube 3.3 229 69. 4 * 

NX vane 3.2 25.4 8.0 

Dilatometer 14 95 6.8 

Gl;;tzl cell 100 20. 0 

SBT step 1 63. 5 21. 2 

step 2 4.5 63.5 14.1 

step 3 63.5 10.6 

step 4 7.5 GJ.!J 8. !J 

* t is 2X the wall thickness and w is the inside circumference 

since the soil is presumed to be displaced only to the outside. 

0 

WIDTH/THICKNESS RATIO 

25 

Glotzl 

PLASTIC+--\- ..k- ELASTIC 

CONSOLIDATING 

FIGURE 2 Width/thickness 
ratios for some soil
penetrating devices and 
dominating behavior as 
inferred from stepped blade 
tests. 

the soil to come back before taking a pressure reading. Dif
ficulties were experienced when the diaphragms either leaked 
or stuck when monitoring for changes in gas flow through 
long pressure lines. In some instances, individual blade cells 
had calibration factors that not only were different for each 
cell but tended to change ( 4). A strain-gauge cell that directly 
measures effective stress also was developed (5) but was not 
sufficiently reliable for field use, so emphasis continued to be 
placed on the pneumatic cell. 
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FIGURE 3 Components of 
the pneumatic pressure cell 
(not to scale). 

Laboratory tests indicated that sticking of diaphragms was 
more likely to occur at high pressures and be quite sensitive 
to minor changes in the height of the threshold C in Figure 
3. Because only part of the back side of the diaphragm was 
pressurized, which seemed a rather inefficient and possibly 
error-prone way to balance the soil pressure, a scheme was 
devised to pressurize both areas A and B simultaneously while 
maintaining a small differential pressure between the two areas. 
When the higher of the two pressures reached the soil pressure 
as the two pressures were raised, the membrane lifted suffi
ciently to allow a small amount of gas flow within the cell, 
thereby reducing the differential pressure to near zero and 
usually causing a perceptible pause in the rate of increase of 
the main gauge pressure. The loss of differential pressure told 
the technician when to read the pressure gauge , and the ser
endipitous pause in climb of the main gauge needle made it 
easier to read. 

The method used for simultaneous pressurization is quite 
simple and is presented schematically in Figure 4. A needle 
valve Tl controls the rate of pressure increase and ordinarily 
is set for a rate of increase of about 1 psi/s (7 kPa/s) . Nitrogen , 
compressed air, or carbon dioxide regulated to a maximum 
pressure of 300 psi (2000 kPa) is used as a gas source. The 
second needle valve T2 is left closed until both gauges approach 
8 to 10 psi (60 to 80 kPa), and then the needle valve is opened 
slightly and adjusted to give a differential pressure that will 
tend to remain constant without further adjustment. Some 
leakage and reduction of differential pressure may occur as 
the soil pressure is approached, particularly if the soil pressure 
is unevenly distributed around the cell threshold C in Figure 
3. In this case, T2 may be partially shut to sustain t:.P until a 
sharp drop occurs. It will be seen that if the diaphragm is 
lifted, then t:.P must go to near zero regardless of the position 
of T2. 
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FIGURE 4 Schematic diagram of the back-pressured blade 
console. 

SOIL RESPONSES 

Consolidation Response 

It was anticipated and then shown by laboratory experiments 
that the thicker the blade step the higher the pressure induced 
by insertion of that step into the soil (1) . An empirical rela
tionship was defined between thickness and log pressure, as 
indicated in Figure Sa. Regression of the data typically will 
give r2 values in the range 0.97-1.0. The semilogarithmic 
response corresponds to a linear relation of void ratio to log 
pressure and on this basis is assumed to be indicative of con
solidating behavior of the soil next to the blade. Consolidation 
may be aided by the relative thinness of the blade when com
pared with other devices and by a zone of reduced stress and 
low or negative pore pressures extending out from both edges 
of the blade after insertion. Because consolidation may be far 
from complete when blade cell pressures are read, approxi
mately the same amount of time should lapse between inser
tion and reading of each pressure cell. Variable times from a 
few minutes to 2 weeks have been used without affecting the 
extrapolated soil pressures. 

Elastic Response 

Field use of the stepped blade indicated that the soil response 
might not always be so simple as was initially envisioned. The 
pressure sometimes is higher on the first and thinnest blade 
step than on the subsequent thicker steps. This behavior, 
presented in Figure Sb is followed by the more conventional 
behavior. 
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FIGURE 5 Selected data plots of log blade 
pressure as a function of blade thickness t and 
inferred soil response. BLP, blade limit pressure. 

This anomaly did not occur in the laboratory developmental 
tests performed on remolded samples (1) and was most com
monly observed in stiff clay loam soils such as glacial till and 
in lightly cemented silts and sands. Circumstantial evidence 
thus pointed to influences from a relict soil structure that may 
be left intact by penetration of the thinnest blade step only. 
The structure may cause the soil to behave elastically until 
broken down by penetration by the next thicker step. 

The blade imposes constant deflection instead of constant 
stress conditions, as in a conventional laboratory consolida
tion test. Thus, as illustrated in Figure 6, a stress relief from 
B on the elastic response curve to C and D on the virgin 
compression curve should be possible if the soil structure were 
to break down. An analogous reduction does not occur in 
constant-stress consolidation tests because the path goes from 
C downward to E. When it occurs, this apparent discontinuity 
in soil behavior indicates that data should be separated into 
two stress regimes. 
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FIGURE 6 Hypothetical e-log p diagram of a slightly 
cemented soil to show how a high first point may 
develop in stepped blade tests. Collapse of the soil 
structure relieves the stress from B to C and D on the 
virgin compression curve. 

If this interpretation is correct, then the pressure on the 
first step should be essentially an elastic response that may 
be used to compute a lateral subgrade modulus. In support 
of this, correlations between first-step pressures and the pres
suremeter moduli were substantially better than were obtained 
by subtracting consecutive step pressures (6). 

In no case was the elastic response observed on other than 
the first blade step, indicating that a width/thickness (wit) ratio 
that is less than 14 must break down the soil structure. A 
value of 18 was arbitrarily selected to define an approximate 
elastic range indicated in Figure 2. 

Plastic Failure 

A second, more common, departure from a semilogarithmic 
rel;:itionship between soil pressure and blade thickness was 
previously described and attributed to a limit pressure; that 
is, relief of the consolidating pressure by plastic failure where 
the dominating behavior is pushed aside rather than being 
compressed (1). This behavior is noticed when there is a con
stant or decreasing blade pressure with increasing step thickness, 
as indicated on the right in Figures Sc, Sd, and Se. The phe
nomenon is most common in soft, saturated clay soils where 
it probably reflects the development of excess pore pressure. 
What supports this interpretation is that the blade limit pres
sure has been shown to correlate with the pressuremeter limit 
pressure (6), and soil pressures measured in soft clays with 
the relatively thick dilatometer have been shown to be mainly 
excess pore water pressures (Lutenegger, unpublished data). 
A pore pressure port has been incorporated into the thickest 
step of the blade but has not yet been subjected to field tests. 
Pore pressure studies to illustrate consolidating behavior with 
the thinner blade steps are reported by Tse and Handy (7). 
The limit pressure response usually occurs by the fourth step 
and in soft soils may also occur when inserting thinner steps 
and, in some instances (as indicated in Figure Se), preventing 
a meaningful extrapolation in obtaining a lateral in situ stress. 

Because plastic failure often occurs with insertion of the 
fourth blade step, the consolidating response mechanism 
appears normally to be limited to wit ratios that are less than 
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8.5, which is the value indicated in Figure 2. However, plastic 
failure is not inevitable with the fourth step, and the limiting 
wit ratios will vary with the individual soil and moisture 
condition. 

Implications 

Although at first considered a nuisance, the different modes 
of soil behavior suggested in this analysis can give additional 
information relative to the tested soil and also may give impor
tant insights into other in situ test methods. For example, it 
would appear from Figure 2 that the pushing of cones-whether 
Dutch, piezo, expandable, or ice cream-can be expected to 
cause plastic failure sufficient to modify previously existing 
lateral stresses and to bring those stresses to a limit pressure. 
On the basis of their wit ratios, the same interpretation may 
be applied to the stepped blade and dilatometer. This can be 
advantageous by removing the influence of variable K 0 and 
by allowing a focus on other material properties. Where the 
stepped blade and dilatometer have been used in the same 
soil, P0 pressures measured with the dilatometer are approx
imately the same as pressures measured by the thickest section 
of the stepped blade, both having about the same wit ratios 
and appearing to induce limit-pressure responses. This also 
means that sleeve friction on a cylindrical probe probably is 
not a valid measure of both lateral stress and K 0 , which existed 
before insertion of the test device, but be more a function of 
the limit pressure. The elastic modulus obtained with the 
dilatometer derives from the pressure to bulge out its central 
diaphragm, which probably does not reinitiate plastic failure. 
However, this also implies that the modulus measured by the 
dilatometer is buffered by an intermediate zone that has 
undergone plastic failure, supporting the need for empirical 
correlations. 

Also, Figure 2 indicates that the only devices that appear 
to be thin enough to be pushed into soil without inevitably 
collapsing its structure are the Glotzl cell and the first step of 
the stepped blade. A correlation was discovered by Luteneg
ger (unpublished data) between the maximum elastic response 
pressure that can be measured by the blade and the lateral 
preconsolidation pressure as influenced by, for example, 
cementation or aging stress history. This is reasonable because 
pressures in excess of this amount should break down the soil 
structure and cause the soil to enter a consolidating stage. 

The blade appears unique among in situ test instruments 
in showing an identifiable consolidating behavior. For exam
ple, the pressuremeter expanding in a prebored hole may be 
interpreted as causing elastic response with direct transition 
into plastic shear and perhaps be related to the relatively poor 
drainage in this test. 

It is important in the interpretation of blade data to rec
ognize possible changes in response mechanisms to avoid error 
from collective consideration of dissimilar data (i.e., the "apples 
and oranges" effect). For example, data points that are low 
because of the attainment of a limit pressure will tilt the slope 
of the graph and give too high an extrapolated in situ stress. 

A flow path designed to remove subjectivity in assigning 
and interpreting blade data is presented next. 

Flow chart for interpreting stepped blade pressure readings: 
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1. First data point higher than second? Then, elastic response; 
do not include in extrapolation. 

2. Last data points equal or lower than previous points, or 
plot low on the graph? Then, limit pressure; do not include 
in extrapolation. 

3. r 2 < 0.97 (where applicable). Then, reexamine data for 
influence from possible limit pressure. 

4. Line slope < 0.05 mm - 1, possibly negative? Then , all 
data probably exceed limit pressure; extrapolation not reliable. 

5. Three or four points with r2 > 0.98 and with line slope 
> 0.05 mm - 1? Then, good test. 

Representative Data 

Representative data plots from tests in a hydraulic fill sand 
near San Francisco and a loessial silt in western Nebraska are 
presented in Figure 7. Test data from a soft alluvial clay in 
Nebraska, a medium stiff clay in Houston, and a very stiff 
clay near College Station, Texas, are presented in Figure 8. 
To reduce subjectivity in selecting the data to be shown, all 
are for tests at approximately the same depth, which was 
arbitrarily selected to be 15 ft (5 m). Only the uppermost , 
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FIGURE 7 Representative test data for an 
unsaturated loessial silt and for a saturated 
sand. Open point was not included in the 
regression. Test numbers refer to Handy et al. 
(6). 
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pressure. 
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four-point data sets are shown. (Additionally a three-point, 
a two-point , and a one-point set is obtained at each testing 
subdepth and is subjected to the same methods for data inter
pretation. Because of rapid variations in lateral stress with 
depth, probably as a result of localized influences and strat
ification, the data usually are not pooled or averaged but are 
reported separately.) 

In Figure 7, the data plot for the silt indicates no elastic 
response and a high r2

, which supports the thesis that con
solidation occurs and is the main factor that affects the meas
ured pressures. A limit pressure was reached on the fourth 
blade step. The soil was not saturated, and K0 was calculated 
to be about 1.5, indicative of overconsolidation. Because the 
loess at this site has no known history of preloading but does 
contain montmorillonite, one interpretation is that the higher 
lateral stresses are attributable to aeolian deposition and drying 
followed by clay expansion on burial and wetting. 

Also in Figure 7, the data for the sand show no clear indi
cation of an elastic response or of a limit pressure and give 
an acceptably high r 2

. The calculated value for K0 is about 
0.8. As will be shown later, a graph of lateral stress versus 
depth in this sand indicates a small and measurable amount 
of overconsolidation. 

In Figure 8, the very stiff clay is a Vertisol, meaning that 
field evidence indicates it has expanded to the point of lateral 
pressure relief through shearing (i.e., the passive earth pres
sure condition). Stepped blade measurements indicate that 
the lateral stress is quite high, giving K0 at the test depth of 
about 4. The limit pressure also is high, several times higher 
than the unconfined compressive strength, as would be expected 
for a lateral-bearing capacity-type failure. 

The medium clay in Figure 8 also is a Vertisol, and blade 
tests at shallow depths at this site exactly duplicated lateral 
stresses obtained at the same site 6 years earlier with an older 
model blade (1)(6). At this depth, K0 is about 1.6. As is in 
the case of the very stiff clay, the limit pressure is several 
times higher than the undrained shear strength reported by 
Mahar and O'Neill (8). 

The soft clay test in Figure 8 shows a breakdown of structure 
after penetration by the first step, suggesting that the pressure 
on that step may be used for calculation of a lateral subgrade 
modulus. The lateral stress is low for a soft clay, giving a K 0 

of about 0.5, which is possibly indicative of underconsolida
tion. This interpretation is consistent with the origin of this 
clay by recent sedimentation in an oxbow lake. The limit 
pressure approximates the calculated maximum for passive 
failure, which will be discussed later. 

Those examples are included to show representative test 
data and soil responses. For full interpretations of stress his
tory of a soil, it is necessary to determine the relationships 
between lateral stress and depth, which is the subject of the 
remainder of this paper. 

ILLUSTRATIONS OF USES OF THE K" STEPPED 
BLADE 

Determination of the Consolidation State 

Overconsolidation 

The stiff clays of Figure 8 are determined to be overconsol
idated, indicated by K

0 
> 1, and be attributable to their 
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expansive nature. The shaded area in Figure 9 labeled "before 
pile driving" encloses a relatively narrow range of lateral stresses 
measured in this 50-year-old hydraulic fill sand. (The solid 
dot is the pressure extrapolated from sand data in Figure 7.) 
A trend line through the data intersects the ground surface 
at a lateral pressure of about 3 psi (21 kPa). The corresponding 
vertical surcharge load may be obtained by extending the 
trend line upward to intersect they axis, which occurs at an 
above-ground height of 10.9 ft (3.3 m), indicating prior exist
ence of that amount of surcharge or its weight equivalent. 
The prior surcharge thus obtained is 0.66 Tsf, indicative of a 
moderate degree of overconsolidation not unreasonable for 
a heavy-equipment storage yard. The slope of the trend line 
also allows an estimation of the friction angle from the Jaky 
equation. But, because this estimate is based on lateral stresses 
developed as a consequence of consolidation, it probably con
tains no dilatant component. The angle is 20 degrees, which 
is considerably lower than the total-strength friction angle 
estimated at this site from cone and stepped blade tests (6). 
The sand is micaceous, which also will contribute to low sliding 
friction. 

Normal and Underconsolidation 

Figure 10 presents SBT data from the site of Jackson Lake 
Dam, Jackson Hole, Wyoming, after the dam had been removed 
because of a potential risk of liquefaction in this active earth
quake area. The short-dashed line shows lateral stresses, cal
culated assuming K

0 
= 0.5, without the dam in place. Below 
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FIGURE 9 Lateral stresses measured in a sand at Hunter's 
Point Naval Base, San Francisco. Note that K lines are 
calculated based on effective stress and then are converted to 
total stress as measured by the blade. 
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FIGURE 10 Lateral stresses in sands and silts at Jackson Lake 
Dam, Wyoming, after removal of the dam and before dynamic 
compaction. 

a depth of about 19 ft (6 m) the line approximately bisects 
the data. which indicates that the soil there is normally con
solidated if no consideration is given to the weight of the dam. 
With the dam in place, soil below this depth will be under
consolidated, which supports the thesis that the dam indeed 
is threatened by potential liquefaction of foundation soils, at 
least in the depth zone from 19 to 33 ft. At shallower depths 
the lateral stress data trend upward, approaching the K 0 = 
0.5 line. It, therefore , may be concluded that at the shallower 
depths the soil is normally consolidated under the weight of 
the dam, probably caused by the greater concentration of 
surcharge load at those depths. Many other devices, including 
the Menard pressuremeter, self-boring pressuremeter, and 
dilatometer, also were used at this site, with the dilatometer 
giving the most closely comparable lateral stress results (12). 

Those examples illustrate the use of lateral stress data to 
diagnose the soil consolidation state without the necessity for 
sampling and laboratory de termination of a preconsolidation 
pressure, which is very sen itive to sample disturbance and is 
all but impossible to determine from laboratory tests of a sand. 
Such information can be vital. For example, tests recently 
were performed for a metro tunneling project underneath an 
interstate highway, and the tests gave an unexpected result: 
the silt soil, presumed to be residual and hence under high 
lateral stress from weathering expansion, actually was nor
mally consolidated, thus signaling that any additional load 
would cause appreciable settlement. On the other hand, in 
overconsolidated nonexpansive soils, the inferred prior load 
should indicate how much load can be added without exceed
ing the preconsolidation pressure and causing appreciable 
settlement. 
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Detection of Artificial Compaction 

Figure 11 presents lateral stresses measured at the Jackson 
Dam site after dynamic compaction. Because the data are so 
erratic, an interpretation technique was used that involved 
determining average slopes "b" from the data plots and then 
applying that slope to individual points (1) . While this did not 
reduce the data scatter-in fact it increased it-the additional 
points allow a range of lateral stre ses to be sufficiently well 
defined to sugge t that the average K 0 after compaction is 
about 1.0, which indicate liquefaction during compaction and 
represent a substantial increase over the previous value of 
0.5. The lateral stresses also are in the proper range for normal 
consolidation with the dam replaced , indicating that the soil 
now may be safe from liquefaction. 

Figure 12 presents data obtained in back-fill soil behind a 
bridge abutment. Most of the lateral stresses are far below 
the line for K 0 = 1, indicating that the soil had not been 
compacted. However, scattered high points, up to about 8 psi 
(60 kPa) , occur scattered throughout the height of the 
embankment. Those random high stresses have the correct 
magnitude to have been caused from wheel contact pressures 
from earth-moving equipment during construction of the 
embankment. 

Detection of Grouting 

While rather incidental to the studies at hand , one of the 
abutments in Figure 12 give some perplexingly high lateral 
stresses in the upper 11 ft (3.4 m) of soil, as high as 24 psi 
(165 kPa), plotting far off of the graph to the right. It later 
was discovered that this soil had been pressure grouted to 
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BEFORE COMPACTION 

Af ER COMPACTION 

20 

o b DETERMINED 
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0 

FIGURE 11 Test results from the Jackson Lake site of Figure 
10 after deep dynamic compaction. 
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FIGURE 12 Pressures against bridge abutments compared with predictions from Rankine and from a recent 
arching theory (10). Data courtesy of Clyde Anderson, CTL/Thompson, Inc., Kellogg Engineering, Inc., and the 
City of Lakewood, Colo. 

raise the approach slab. The average K 0 in this zone is about 
3, so pressures should have been high enough to do the job. 

Passive Pressures 

Bearing Capacity Failure 

Figure 13 presents tbe distribution of lateral sLre ·s with depth 
in a soft oxbow lake clay immediately adjacenr to a highway 
em ankmcnt then under construction. The tests were c n-

0 
' 

-5 \ .d'.\o 
-10 ·~[J 0 . . \ • • -- -15 : -'• .o . . \ ..c •-.'! Kp 

CJ....... - -20 a. After 
Q) /• \ OD c -25 Before embank. 

-30 constr. \ • • 
-35 

K0 =1 

0 10 20 30 -40 

P0 , lb/in2 

FIGURE 13 l.ateral ·tresses in a soft lake bed clay 
adjacent to a highway embankment, Storz 
Expressway, Omaha, Nebr. Solid points are before 
embankment construction and open squares after 
wben there was concern for an impending bearing 
capacity faiJurc. KP line was drawn based on 
preconstruction shear tests. 

ducted before construction began and later when settlements 
became excessive and slope indicators showed lateral bulging 
outward of the foundation soil (13). Lateral stresses are 
approximately twice what had been measured prior to the 
con !ruction and exceed the theoretical maximum dictated by 
KP calculated from bor hole hear test data . Those data were 
obtained before construction and do not refle £ a probable 
increase in trength from the partial consolidation. The exces
sive settlement of the embankment, lateral bulging of the 
foundation soil, large increase in lateral pressures, and their 
proximity to KP pressures suggest that it would be judicious 
to ad ju t the construction schedule to allow further dissipation 
of excess pore pre . ures through previ usly installed wick 
drains. This was done. The embankment was completed the 
following construction season without incident. 

Expansive clay 

Tests presented in Figure 12 were performed in soil that was 
known to be expansive to determine if it was exerting undue 
pressure on adjacent bridge abutments. As can be seen from 
the data, this turned out not to be the case, because generally 
K

0 
<< 1. The bridge was removed without difficulty . 

Figure 14 presents lateral pressures versu depth in the very 
stiff expansive clay, including the data point fr m Figure 8. 
The shaded zone includes three-fourths of the data points in 
a relatively narrow band. Because K 0 > > 1 and because this 
is a known Vertisol, passive conditions are suspected. To test 
this premise, two points were selected on the linear trend line 
for substitution of lateral and vertical stresses into the passive 
pressure equation. Then it was solved simultaneously to give 
drained hear strength parameters. The equ ation is 

uh = -yz tan2[45 + (<f>/2)] + c tan[45 + (<f>/2)] (1) 
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FIGURE 14 Lateral stress data from a very stiff expansive 
clay. Data from Texas A&M University, College Station, Texas. 

By using this procedure with the data from Figure 14, one 
obtains <Ii = 28 degrees and c = 11.3 psi (78 kPa) . The 
equivalent unconfined compressive strength calculated from 
those values is 19 psi or 1.4 Tsf (131 kPa), which compares 
favorably with measured values that ranged from 0.8 to 1.6 
Tsf, averaging about 1.2 Tsf (6) (9). This would appear to 
confirm that lateral stresses in this soil are being limited by 
passive failure and also demonstrates how lateral stress data 
versus depth multiplied by soil unit weight can be used to 
approximate drained c and for <Ii if the soil is in the passive 
state. 

Slope Stability 

Unfortunately, the potential for the blade test to measure 
passive pressures at the base of slopes and thus detect the 
potential for slope failure before movement occurs has not 
yet been realized owing to the difficulty of getting drilling 
machines into landslide toeslope areas. This application would 
appear to be useful for preventative maintenance of cut and 
fill slopes, because it should be cheaper and more effective 
to repair a slope before failure occurs than after the soil has 
moved and become permanently weakened through remold
ing and from dilatant shear creating suction and increasing 
water contents in the shear zone. Figure 15 indicates where 
pressures might appropriately be measured on the basis of 
finite-element analyses (J 1). As simulated excavation pro
ceeds, progressive failure and the potential development of 
passive pressures should initiate in soil in the toe zone even 
though the overall factor of safety still exceeds 1. 8. The detec
tion of high lateral stresses in a toeslope thus would flag when 
preventative measures should be undertaken or when stability 

(a) 

(b) 
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FIGURE 15 Hypothetical failure zones from finite-element 
analyses of a 3-1 slope excavated in overconsolidated clay. Data 
from Dunlop and Duncan (10). 

of the slope should be reevaluated by a method of slices with 
soil strengths reduced for toe slices by a factor equal to the 
soil sensitivity. 

Low lateral in situ stresses have been measured in soil above 
an active landslide in the zone frequently marked by the 
development of tension cracks . 

Pressures Adjacent to Existing Structures and 
Driven Pile 

Figure 12 presents lateral pressures measured in soil close to 
an existing wall, as has already been discussed. Figure 9 pre
sents the increase in shallow lateral soil stresses as the result 
of driving pile and the erratic disposition of lateral soil pres
sures near the pile tip . The latter may help explain why test 
loading indicated that the pile group action factor at this site 
is about 1. 

Subgrade Modulus and Limit Pressure 

An estimate for a lateral subgrade modulus kb is obtained by 
dividing the pressure measured on the first blade step by one
half the blade thickness, or 1.5 mm. The value of the modulus 
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depends in part on the size of the area being loaded, and 
experience with those k values is very limited and is not in 
the scope of this paper. Application of elastic theory to a 
blade area considered as a surface load gives the following 
relationship between k and the elastic modulus £: 

E = 2.8 k (2) 

Application of this equation to the Houston clay data gives 
E values comparable to those obtained from UU triaxial tests 
and lower by an order of magnitude than those obtained from 
cross-hole seismic studies ( 8). The modulus thus obtained 
from blade tests in a sand appeared to give an accurate 
prediction of settlement of a bridge abutment (6). 

CONCLUSIONS 

1. Elastic, consolidating, and limit pressure mode~ uf suil 
behavior are suggested by different lateral pressure responses 
to penetration by different thickness steps of the K0 stepped 
blade. The consolidating mode is used for extrapolation to 
obtain hypothetical in situ pressure on a zero thickness blade. 

2. The pattern of lateral in situ stresses with depth in sand, 
silt, and clay soils can be used to define the soil consolidation 
state and, in nonexpansive soils, to indicate the amount of 
prior surcharge or overburden. Lateral stresses usually are 
higher than from normal consolidation and are attributable 
to geological or man-induced unloading, clay expansion cycling, 
and, in residual soils, expansion of minerals on hydration 
weathering. 

3. Lateral in situ stresses show influences from mechanical 
compaction and grouting and help define the depth and 
effectiveness of dynamic compaction. 

4. Lateral stresses consistent with passive failure conditions 
were found in slicken-sided expansive clays and in a soft lake 
clay adjacent to a failing highway embankment. In the latter, 
construction was halted to prevent general hearing capacity 
failure. Measurement of passive stresses in toeslopes may help 
predict slope failures and lead to a timely application of reme
dial measures before slipping occurs. 

5. The K
0 

stepped blade was used to measure lateral soil 
stress adjacent to existing structures including retaining walls 
and driven pile, thus helping to determine their stability. 

6. The back-pressure system for reading pneumatic pres
sure cells of the stepped blade significantly improves its accuracy 
and ease of use . 
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Determination of Horizontal Stress in 
Normally Consolidated Sands by Using 
the Dilatometer Test: A Calibration 
Chamber Study 

ROBERT s. LAWTER, JR., AND ROY H. BORDEN 

The results of dilatometer tests (DMTs) performed in a calibra
tion chamber on normally consolid<1ted Cape Fear and are pr · 
sea ted and are interpreted with re. pect lo both relative density 
and state parameter and are compared wirh tho e from ca libration 
chamber te ts on normally con olidated Hokksund and Ticino 
sands. The re lations.hip becween the mnplificarion facror K,JK,, 
and state parameter darn for the ape Fear . and te red and the 
combined data from the thre sand di cus ed resulted in best· 
fit equations of the form K0 /K0 = a·e"'"'. In an effort to improve 
the abi lity of a si ngle fu nction to cle. cribc the amplification facror
state parameter re lation hip for the entire data base , nonnali
zation of the state parameter by the difference between the max
imum and minimum void ratio and by the ready stare void ratio 
at J 0 kPa wa investigated. However, neither of those normalizing 
factors pr duced a higher correlmion coefficient for the best-fit 
re lationship. The addition of the Cape Fear. and l the existing 
trend line. for the KQ0~rr1K0 relarive density relationship devel 
oped from data on Hokksu11d and Ticino sands suggests a limiting 
value of K.,OMT/K 0 between 0.5 and 1.0 at low relative dens.itie . 
At higher r lative densilie a ignificant difference exi 'ls between 
the current data and that data obtained previously on the Hokk und 
and Ticino sands. Further study is needed to evaluate the poten
tial influence of calibration chamber diameter on the measured 
results. 

Penetration testing was developed as a method to obtain soil 
characteristic information from soils where undisturbed sam
pling was difficult or impossible. The flat dilatometer devel
oped in the 1970s (1) is a penetration device that has been 
shown to provide reliable soil characteristic information. As 
with all penetration tests, the determination of the change in 
the in situ stress state created by the insertion of the dilatom
eter is a complicated boundary value problem. Therefore, the 
index parameters obtained from the dilatometer test have 
been empirically correlated to the actual soil properties. Recent 
development of large calibration chambers where penetration 
testing can be conducted has lead to improved correlations 
because of the capability of strictly controlling the stress state 
of the soil. 

This paper presents the results of a study of existing cor
relations of horizontal stress index parameters obtained from 
the dilatometer with the actual horizontal stress applied in 
calibration chamber tests conducted in normally consolidated 

Center for Transportation Engineering Studies, Department of Civil 
Engineering, Box 7908, North Carolina State University , Raleigh, 
N. C. 27695-7908 . 

Cape Fear sand in the North Carolina State University (NCSU) 
calibration chamber. The results are interpreted in terms of 
relative density and the state parameter, introduced by Been 
and Jefferies (2), which incorporates both the void ratio and 
the stress level. Additional data incorporated into this study 
were obtained from similar calibration chamber tests per
formed on Hokksund and Ticino sands (3) (M. Jamiolkowski, 
personal communication). 

MARCHETTI DILATOMETER 

The flat dilatometer developed by Marchetti (1) is essentially 
a penetration device capable of obtaining an estimate of lat
eral pressure and soil stiffness. The body of the dilatometer 
has an approximate width of 95 mm (3.7 in.) and a thickness 
of 14 mm (0.6 in.). The external surface of the approximately 
60-mm (2.4-in.) diameter membrane when at rest is flush with 
the surrounding flat surface of the blade. The blade is usually 
pushed into the ground at conventional penetration test rates 
(2 to 4 mm/sec). When the desired test depth is reached, the 
membrane is inflated through a small control unit at the ground 
surface with pressurized gas. Readings are taken of the pres
sure required to initiate movement of the membrane (related 
to the horizontal stress existing in the ground) and the pres
sure required to move its center an additional approximate 1 
mm (0.04 in .) into the soil (related to the soil stiffness). Both 
of those pressure readings are corrected for the effect of mem
brane stiffness. The first of those corrected pressures is called 
the p 0 pressure . An index parameter similar to the at-rest 
earth pressure coefficient K0 , termed the horizontal stress 
index Kn, was developed by using the p 0 pressure. The hor
izontal stress index is determined by the following equation: 

(1) 

where u0 is the hydrostatic pore water pressure and a: is the 
in situ vertical effective stress. On the basis of field tests results 
in uncemented clays Marchetti ( 4) proposed the following 
correlation for the relationship between the horizontal stress 
index Kn and the in situ at-rest earth pressure coefficient K0 • 

K DMT = Kn - 0 6 
( )

0 .47 

0 1.5 . (2) 
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Jamiolkowski et al. (5) have suggested, on the basis of 
calibration chamber tests conducted on Hokksund and Ticino 
sands and field experience, that this empirical formula over
estimates K

0 
in dense to very dense sands and underestimates 

K
0 

in loose sands. 

STATE PARAMETER 

The state parameter <p, which is embodied in critical state soil 
mechanics, was introduced by Been and Jefferies (2) as a 
rational approach to combine the effects of void ratio and 
stress level into a single parameter that enables the behavior 
of a sand to be predicted. The state parameter is defined as 
the difference in the initial void ratio eA and the void ratio at 
"steady State" essA at the initial Stress level, as is illustrated 
in Figure 1. The steady state for any mass of particles has 
been defi ned as that state where the mas, is continuously 
deformi ng at constant v lume, constant effective st re . , on
stant shear stress, and constant velocity (6). The steady-state 
void ratio ess corresponding to a mean normal effective stress 
of 10 kPa has been suggested as an index for comparing various 
sands. 

The sand used in the NCSU calibration chamber was a 
subangular to angular sand obtained from the Cape Fear River 
in North Carolina. A summary of its properties and a pho
tograph of the and appear in Table 1 and Figure 2, respec
tively. To determine the steady-st·He line (SSL) for Cape Fear 
sand, a series of strain-controlled isotropically consolidated 
undrained triaxial tests were performed. The test specimens 
were prepared by compacting six 1-in. layers to the desired 
density. The specimens were flushed with carbon dioxide and 
were saturated by using desired water. A minimum B-value 
of 0.97 was obtained before proceeding with compression 
testing. The initial and steady-state points for each test are 
presented in Figure 3 along with the best-fit SSL determined 
by regression analysis. The SSL for Cape Fear sand is com
pared in Figure 4 with those for the Hokksund and Ticino 
sands as well as the Kogyuk sand with 0 percent silt used by 
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FIGURE 1 Definition of the state parameter. 
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TABLE 1 INDEX PROPERTIES OF SANDS USED IN 
VARIOUS CALIBRATION CHAMBERS 

~~ IJ::ST SAN!;!l2 

CAPE FEAR HOKKSUND TICINO 
PROPERTY SAND SAND SAND 

d 
<~o> 

0.69 0.39 0.53 

d10 0.29 0.21 0.36 
(mm) 

Cu 2.76 2.10 1. 60 

Gs 2.67 2.70 2.69 

emax 0.802 0.894 0.931 

~in 0.527 0.549 0.579 

ess 0.858 0.934 0.986 

>-ss 0.074 0.054 0.056 

FIGURE 2 Photograph of Cape Fear River sand grains. 
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FIGURE 3 State diagram for Cape Fear sand. 
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FIGURE 4 Steady state Jines for calibration chambers sands. 

Been and Jefferies (2) in their development of the state 
parameter. Table 1 also contains a summary of soil properties 
for the Hokksund and Ticino sands. 

NCSU CALIBRATION CHAMBER 

A diagram of the NCSU calibration chamber is presented in 
Figure 5. The NCSU calibration chamber is capable of accom
modating a sand specimen 0.94 m (37 in.) in diameter and 
0.94 m (37 in.) in height. The test specimens were prepared 
by pluviation in air. The specimens were then subjected to 

Top cap 
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one-dimensional consolidation, from which the K
0 

of the sand 
was determined. Then, the dilatometer tests were conducted 
while constant vertical and horizontal stresses were main
tained through a computer-controlled pneumatic pressure sys
tem. Table 2 summarizes the results of the NCSU calibration 
chamber tests. A detailed description of the NCSU calibration 
chamber, including test procedures and results, has been 
reported by Borden et al (7) . 

INTERPRETATION 

Correlation of the KDI K0 ratio, called the amplification factor, 
to the state parameter has been suggested by J amiolkowski 
et al. (5) as a rational approach for interpreting the calibration 
chamber data. Jamiolkowski et al. have presented results of 
57 calibration chamber tests on normally and overconsoli
dated Hokksund and Ticino sands (see Figure 6) and suggest 
fitting the two parameters with an equation of the following 
form: 

(3) 

where a and m are empirical coefficients. For the combined 
data from the Hokksund and Ticino sands, a and m were 
determined to be 1.35 and - 8.08, respectively. 

A similar correlation was investigated for normally con
solidated Cape Fear sand. Although other functions were 
investigated, none provided a significantly better fit. The rela
tionship between the state parameter and the amplification 
factor for those tests and for the a and m coefficients deter
mined by regression analysis are presented in Figure 7. Sig-
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TABLE 2 SUMMARY OF CALIBRATION CHAMBER TESTS PERFORMED ON CAPE FEAR RIVER SAND 

0 
~ 50 .... 
0 

:ii::: 

a: 
0 
1-
u 
~ 
z 
Q 
I-

10 -

<( 5 
~ 
u. 
...J 
Q. 

~ 
<( 

TEST 1J I "'h fl) OCR v 
no. (kpa) (kpa) 

2 62.06 27.58 73.3 1.00 
4 36.54 20.00 91.5 1.00 
9 20.69 27.58 76.7 1. 00 

10 20.46 13.79 58.9 1. 00 
11 34.32 6.90 87.1 1. 00 
12 61.14 20.69 78.8 1. 00 
16 61. 37 28.96 6.0 1. 00 
17 61.14 39.30 15.6 1. 00 
18 34.32 25.17 23.5 1. 00 
19 47.73 34.96 33.3 1.00 
20 61.14 39.30 -5.3 1.00 
22 34.32 22.06 -0.8 1.00 

K 
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FIGURE 6 Dilatometer amplification factor for Hokksund and 
Ticino sands (5). 
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FIGURE 7 Dilatometer amplification factor for normally 
consolidated Cape Fear sand. 

0.1 

Ko Po P1 Ko 't 
(kpa) (kpa) 

0.44 151. 07 823.88 2.43 -0.214 
0.55 141. 07 667.31 3.86 -0.280 
1. 33 87.04 845.39 4.21 -0.238 
0.67 47.02 542.25 2.30 -0.202 
0.20 35.02 512.24 1.02 -0.283 
0.34 83.04 855.40 1.36 -0.234 
0.47 78.04 592.27 1. 27 -0.021 
0.64 85.04 868.40 1.39 -0.044 
0.73 90.04 471.22 2.62 -0.083 
0.73 102.05 609.28 2.14 -0.100 
0.64 123.06 587.27 2.01 0.016 
0.64 85.04 435.20 2.48 -0.016 

nificant scatter exists, and the resulting R2 value is 0.58. Data 
for tests on the normally consolidated Hokksund and Ticino 
sands are presented in Figures 8 and 9, respectively. The 
corresponding R2 values for those relationships are 0.77 and 
0. 76. Figure 10 illustrates a composite of the data from the 
three sands with the best-fit line determined according to 
Equation (3) (R 2 = 0.66). A comparison of those figures 
indicates that the slope of the state parameter verses ampli
fication factor relationship for the Hokksund and Ticino sands 
appears to be steeper than that of the Cape Fear sand. This 
may suggest the influence of particle mineralogy, grain shape, 
and grain-size distribution of the individual sands on the state 
parameter . 

It has been suggested (8-10) that the state parameter be 
normalized, with respect to the difference between the max
imum and minimum void ratio, to account for this influence. 
This normalization procedure, and normalizing with respect 
to the steady state void ratio at 10 kPa , was investigated and 
was found not to influence the relationship of the trend lines 
for individual sands. The addition of the Cape Fear sand to 
the existing trend lines for the K 0 D MT/ K 0 relative density rela
tionship presented by Jamiolkowski et al. (5) suggests that 
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FIGURE 8 Dilatometer amplification factor for normally 
consolidated Hokksund sand. 
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FIGURE 9 Dilatometer amplification factor for normally 
consolidated Ticino sand. 
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FIGURE 10 Dilatometer amplification factor for normally 
consolidated calibration chamber sands. 

0.1 

the trend line approaches a limiting value of K0 °MT/K0 between 
0.5 and 1.0 at low relative densities . 

At the higher relative densities , corresponding to lower 
state parameter values, the K

0
DMT/K

0 
values are significantly 

lower for the Cape Fear sand than for either the Hokksund 
or Ticino sands. The latter tests were performed in a 1.5-m 
(59 in.) diameter chamber while the NCSU chamber is 0.97 
m (37 in.) in diameter. It is possible that the difference in 
results in the more dilatant soils is related to the development 
of a plastic zone during penetration into the smaller chamber 
that extends to the boundary. In the more contractive mate
rials, it would be expected that the plastic zone would be 
considerably smaller and thus would minimize the influence 
of chamber diameter. This concept would support the good 
agreement observed between the data obtained on medium 
density samples for all three soils. 

As was stated previously, Jamiolkowski et al. have sug
gested that the empirical formula for K

0 
DMT overestimates K 0 

in dense to very dense sands and underestimates it in loose 
sands. The results of the calibration chamber tests on Hokksund 
and Ticino sands presented in Figure 11 indicate this trend . 
Examination of the results from the tests on Cape Fear sand 
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FIGURE 11 K0 °MT/K0 for Hokksund and Ticino sands, using 
the original Marchetti correlation (5). 

(Figure 12) suggest that at lower relative densities the trend 
is toward a K

0
DMT/K

0 
ratio of 0.5 to 1.0. As was previously 

suggested, Marchetti's correlation tends to overestimate K0 

for dense sands and underestimates it for loose sands but to 
a smaller degree than for the Hokksund and Ticino sands. 

When the K
0 
DMT / K

0 
ratio is interpreted in terms of the state 

parameter, which includes the influence of the stress level, it 
appears that there is no significant reduction in the scatter of 
data. Similar data for the Hokksund and Ticino sands are 
presented in Figures 13 and 14, respectively. As with the 
KvlK

0 
analysis, the slopes of the K

0
DMT/K

0 
verses Dn and 'JI 

relationships for the Hokksund and Ticino sands are again 
similar and again steeper than those for the Cape Fear sand. 
The trend lines for combined data from the three sands are 
presented in Figure 15. The data from several of the tests on 
Cape Fear sand at low relative densities suggest that the 
K0 DMT/K0 ratio approaches a limiting positive value in the 
range of 0.5 to 1.0. 

SUMMARY AND CONCLUSIONS 

The relationship between DMT horizontal stress index param
eter and existing horizontal stress was evaluated on the basis 
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FIGURE 12 K 0 DMT/K0 for normally consolidated Cape Fear 
sand, using the original Marchetti correlation. 
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FIGURE 13 K
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FIGURE 14 K
0
DMT/K0 for normally consolidated Ticino sand, 

using the original Marchetti correlation. 
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FIGURE 15 K0 °MT/K0 for normally consolidated calibration 
chamber sands, using the original Marchetti correlation. 

of dilatometer tests performed in calibration chambers on 
normally consolidated sands. The results are interpreted in 
terms of the existing lateral stress index parameter K 0 and 
the original Marchetti correlation of K 0 and K 0 with respect 
to both relative density and state parameter. 

Interpretation of the amplification factor-state parameter 
data for the Cape Fear sand tested in this study and the 
combined data from the three sands discussed resulted in 
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best-fit equations of the form 

The addition of the Cape Fear sand to the existing trend lines 
for the K

0 
DMT I K

0 
relative density relationship presented by 

Jamiolkowski et al. (5) suggests that the trend line approaches 
a limiting value of K 0 DMT/ K 0 between 0.5 and 1.0 at low relative 
densities. 

Normalization of the state parameter by the difference 
between maximum and minimum void ratio did not result in 
better agreement between those functions for the three sands. 
It is possible that the difference in results between the Cape 
Fear sand and the Hokksund and Ticino sands at higher rel
ative densities could be related to calibration chamber size. 
Further research is needed to evaluate the required chamber 
diameter as a function of relative density for dilatometer pen
etration such that the plastic zone does not extend to the 
boundary. 
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Direct and Indirect Determinations of In 
Situ K 0 in Clays 

PAUL W. MAYNE AND FRED H. KuLHAWY 

For natural clays encountered in the field, the in situ effective 
horizontal stress (0:100) may be evaluated from the interpretation 
of direct measurements by using the self-boring pressuremeter 
test (SBPMT) or total stress cells (TSC) or may be evaluated 
indirectly from other tests such as the dilatometer test (DMT) 
and piezocone penetration test (CPTU). A review of K0 data 
summarized from 56 different sites tested by the SBPMT dem
onstrates that stress history (OCR) is a predominant factor affect
ing the magnitude of the in situ geostatic state of stress. For clay 
deposits that have developed their K0 profile primarily from stress 
history effects (i.e., mechanical overconsolidation), a simplified 
cavity expansion theory is used to express K0 in terms of the cone 
tip resistance (qc) and penetration pore water stress (ti.u) obtained 
during CPTU soundings and the DMT contact stress (p 0 ). Data 
derived from 17 sites tested by the SBPMT and CPTU and 12 
sites tested by the SBPMT and DMT are used to verify the 
approach. 

The geostatic state of stress in the ground can develop as a 
combination of a number of factors and processes that have 
occurred during the geologic history of the deposit (1-3). 
Variables potentially affecting the development of horizontal 
stress (<Th0 ) in situ may include, for example, stress history, 
geologic origin, mineralogy, cementation, aging, desiccation, 
pore water fluid, passive failure, strain history, temperature, 
wet-dry cycles, wave loading, degree of saturation, or weath
ering. For a given soil it is unlikely that a completely accurate 
scenario .of all of the relevant factors and their chronology 
can be developed with a high level of confidence. Further
more, the significance and effect of each variable may not be 
fully understood. However, dominant variables such as stress 
history usually can be estimated reasonably well. Alterna
tively, one can bypass evaluating those variables and attempt 
to measure a,,0 in situ when possible . 

Laboratory triaxial and oedometer data on clays, silts, and 
sands indicate a rather strong relationship between the hor
izontal stress coefficient (K0 = u,,)u,,0 ) and overconsolida
tion ratio (OCR = uplu"o) (4). However, a recent study (5) 
has suggested that the in situ geostatic state of stress at one 
site in the Beaufort Sea may be independent of stress history. 
This opinion is contrary to K 0 test data obtained on natural 
and remolded soils in laboratory triaxial cells and instru
mented oedometers. For soils that experience virgin loading 
and simple rebound, the following expression appears appro
priate: 

(1) 

where <ii is the effective stress friction angle of the material. 

School of Civil and Environmental Engineering, Hollister Hall, 
Cornell University, Ithaca, N. Y. 14853-3501. 

Therefore, it is of interest to examine whether direct field 
measurements of in situ K 0 by self-boring pressuremeter test 
(SBPMT) are consistent with K 0 -0CR trends observed in the 
laboratory. 

SBPMT is one of the few devices capable of obtaining a 
direct measurement of horizontal stress in situ. Recent advan
ces with the flat dilatometer, the stepped blade, and special 
cone penetrometers outfitted with horizontal stress sensors 
appear to be promising, but they are dependent on extrap
olation procedures or empirical correlations for their esti
mation of a,

00
• Since the advent of the SBPMT, almost 2 

decades of experience have been acquired, allowing for an 
overall assessment of the device for characterizing soil prop
erties. In this paper, a brief review of the trend of K

0 
with 

OCR is examined, both from laboratory studies and from 
available field data acquired with the SBPMT. 

As an alternative to the SBPMT, a direct measurement of 
a,,0 may be obtained by using total stress cells (TSC) or hydraulic 
fracturing (HF). Experience with the TSC has shown reason
able success in profiling horizontal stresses, although a con
siderable waiting time (i .e., several days or more) often is 
required for the dissipation of excess pore water stresses caused 
by insertion of the blade. Conversely, the hydraulic fracturing 
technique appears to be hampered by several difficulties, and 
the method may actually be restricted to measuring a,,

0 
in 

soils with K 0 less than 1 (6). 
Of additional interest is the notion that all in situ tests 

reflect, to some degree, the ambient geostatic state of stress 
in the ground. Traditionally, the cone tip resistance (qJ has 
been used to provide an index of the undrained shear strength 
(s,,) of clay deposits. Because it has been well established that 
a relationship exists between s,, and OCR, logically it may be 
assumed that K0 also is reflected in the measured value of qc. 
In this paper , approximate cavity expansion relationships are 
presented for determining K0 from piezocone measurement 
and dilatometer readings. 

SBPMT DATA BASE 

A data base of soil properties measured by SBPMT has been 
compiled from 56 separate clay sites that have been described 
in the geotechnical literature. A listing of the sites, sources 
of data, index properties, and identifying symbols is given in 
Table 1. Thirty-seven of the sites were tested using Cam
bridge-type probes (Camkometer) and are denoted by solid 
and partially darkened symbols. Eighteen sites were tested 
using the French-type probe (PAFSOR) and are shown by 
open symbols. Two sites (Boston Blue clay and Porto Tolle) 
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were tested by both the Camkometer and the PAFSOR probes. 
In addition, three of the open symbols are used to denote 
sites (Tokyo , Oyo , and Hachinohe) that were tested by using 
the Japanese Oyo monocell probe . 

The data base includes sites from worldwide sources . Index 
properties summarized in Table 1 represent mean values or 
typical values for the deposits. Plasticity indices ranged from 
10 to 73 percent for those clays , and sensitivities varied from 
2 to 500 . Stress states were reported to vary from normally 
consolidated (OCR = 1) to heavily overconsolidated (OCR 
= 80). One site from the Beaufort Sea was not included in 
the data base because of an apparent controversy over the 
interpreted profile of stress history (7). 

Values of the soil parameters for each site were digitized 
at the specific test depths at which the SBPMT were con
ducted . Usually, the companion series of oedometer tests 
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were not performed on samples taken at the same depths, 
thereby requiring interpolation of OCR values. Also, some 
errors likely may have been incurred in the scaling of data 
and measurements from the original sources. 

To provide as consistent a comparison as possible, values 
of a,,0 from the SBPMT generally were defined by the lift-off 
method (8), although not all sources of data actually specified 
the method of interpretation used . The conventional Casa
grande technique of defining up was used most often in inter
preting the results of the consolidation data. Obviously, those 
methods of defining u,,0 and uP are subject to errors in judg
ment, scaling, and bias by the various researchers who pre
sented the data . 

The observed relationship between the in situ K 0 from the 
SBPMT and OCR is presented in Figure 1, indicating a strong 
trend between K 0 and stress history of the deposit. Adopting 

TABLE 1 LIST OF CLAY SITES TESTED BY SELF-BORING PRESSUREMETER 

TYPE 
PROBE 

SITE 
SYMBOL SITE 

Camkometer ~ ADGO FIELD 
BACKEBOL 

Oyo 

g 
() 

• till 
Bil 

x 
II 

• C) 

~ 
!I 

~ • 1 ... 
H 
<I 
~ 
~ 
~ 
II 
ll 
~ • ~ 
T::f 
Ill ... 
!!I 

• e • ...,, 

BELL COMMON 
BOSTON BLUE 
BOTANIC PARK 
BURNT FEN 
CANVEY ISLAND 
CHINA BASIN 
COWDEN 
DRAMMEN 
DUNTON GREEN 
ESSEX 
FREDERICTON 
GLOUCESTER 
GOTHENBERG 
GRANGEMOUTH 
HAGA 
HAMILTON AFB 
HENDON 
KINGS LYNN 
LA SPEZIA 
MADINGLEY 
MASSENA 
MA TAGAMI 
MELBOURNE 
MERCER ISLAND 
NRCC 
ON SOY 
OTTAWA 
OXFORD 
PADDLE RIVER 
PAN I GAGLIA 
PORT AUGUSTA 
PORTO TOLLE 
SEA ISLAND 
TARANTO 
UPPER LIAS 

0 HACHINOHE 
8 OYO 
$ TOKYO 

SUMMARY OF INDEX PROPERTIES 
wn WL Pl CF st 

30 
95 
25 
43 
na 
na 
80 
95 
17 
54 
33 
27 
27 
80 
85 
65 
35 
92 
28 
65 
52 
26 
60 
70 
na 
28 
80 
62 
70 
na 
17 
60 
na 
36 
36 
23 
na 

45 
na 
52 

35 
90 
63 
41 
na 
na 
75 
na 
38 
54 
85 
61 
30 
55 
83 
75 
40 
90 
70 
95 
75 
72 
50 
80 
na 
53 
60 
65 
55 
72 
36 
72 
na 
52 
35 
60 
62 

85 
na 
38 

12 
60 
39 
22 
na 
na 
45 
na 
20 
28 
58 
38 
10 
28 
30 
40 
15 
50 
42 
57 
55 
47 
25 
47 
na 
24 
35 
28 
30 
40 
25 
47 
na 
30 
10 
27 
32 

67 
na 
28 

5 
na 
45 
44 
na 
na 
na 
na 
35 
47 
na 
45 
50 
80 
na 
35 
45 
na 
52 
na 
50 
92 
60 
na 
na 
41 
70 
60 
66 
na 
na 
na 
na 
34 
20 
na 
na 

na 
na 
35 

na 
28 
na 
7 

na 
na 
na 
na 
na 

7 
na 
na 
na 
60 
20 

na 
6 
7 

na 
3.5 
5.5 

na 
10 
na 
na 
na 

200 

7.5 
500 

na 
na 
5 

na 
3 
5 

na 
na 

na 
na 
na 

REMARKS 

stiff QC 
soft NC 
fissured HOC 
QC to NC 
stiff QC 
soft NC 
soft NC 
soft LOC 
oc till 
aged NC 
fissured HOC 
fissured HOC 
sensitive 
sensitive aged NC 
aged NC 
soft NC 
sensitive OC 
aged NC 
fissured HOC 
organic LOC 
soft NC 
fissured HOC 
sensitive aged NC 
sensitive NC 
soft LOC 
stiff QC 
aged NC 
aged NC 
sensitive aged NC 
fissured HOC 
clay core 
soft NC 
stiff QC 
soft NC 
soft NC 
cemented HOC 
fissured HOC 

QC 
soft NC 
aged NC 

REFERENCE 

Kack, et al., 1986 
Massarsch & Brorns, 1976 
Tedd, et al., 1984 
Ladd, et al. 1980 
Arnold, 1981 (30) 
Wroth, I 980 (33) 
Windle & Wroth, 1977a 
Clough & Denby, 1980 
Powell & Uglow, 1985 
Lacasse, et al., 1981 
Clarke & Wroth, 1984; Sall"f..lels, 1975 
Tedd & Charles, 1981 
Landva, et al., 1988 (22) 
Konrad & Law, 1987 
Wroth & Hughes, 1974 
Clarke et al., 1979 (23) 
Aas, et al., 1986 
Benoit & Clough, 1986 
Windle & Wroth, 1977b 
Wroth & Hughes, 1973 (24) 
Ghionna, et al., 1982 
Windle & Wroth, 1977b 
Huang & Haefele, 1988 (25) 
Eden & Law, 1980 
Ervin, 1983 (26) 
Denby, et al., 1981 (27) 
Law & Eden, 1980; Konrad & Law, 1.987 
Lacasse, et al., 1981 
Konrad & Law, 1987 
Clarke & Wroth, 1988 (28) 
Ramage et al., 1986 (2g) 
Ghionna, et al., 1981, 1985 
Arnold, 1981 (30) 
Ghionna, et al., 1981, 1985 
Konrad, et al., 1985 
Ghionna, et al., 1981, 1985 
Clarke & Wroth, 1988 (28) 

Moroto & Muramatsu, 1987 
Ohya, 1980 
Mori, 1981 

(continued on next page) 
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TABLE 1 (continued) 

TYPE SITE SUMMARY OF INDEX PROPERTIES 
PROBE SYMBOL SITE Wn WL Pl CF St REMARKS REFERENCE 

-- -------------- --- --------------- ----- -- -- --------- ------------ ---- --- ------------ -- --- ----- -------- ------ ----- --- ------ --- --- -

PAFSOR 

...... 
~ 
a.. 
CD 
Cf) 

E 
0 
~ ..... 

0 
~ 

4 

3 

2 

~ BANDAR ABBAS 28 44 
BEAUMONT 30 65 z BOSTON BLUE 43 41 
CRAN 80 95 

~ CUBZAC LES PONTS 85 95 
ISi FLANDERS na na 
121 GUASTICCE 68 86 
ID LANE STER 120 120 g MARE ISLAND 80 92 

MONTALTO 26 52 
<D NEW ORLEANS 64 78 • PLANCOET 40 40 

~ PORTO TOLLE 36 52 
RIO VISTA 200 180 

a SACRAMENTO 40 45 

~ ST. ALBAN 75 45 
ST.ANDRE CUBZAC 100 70 

v TRIESTE 50 71 

Notes: NC =normally consolidated 
LOC = t ightly overconsot idated 

OC = overconsolidated 
HOC= heavily overconsolidated 
na =not available 

22 
40 
21 
55 
54 
na 
63 
73 
52 
34 
51 
20 
30 
30 
13 
22 
35 
47 

27 2.5 LDC 
na na desiccated OC 
44 7 OC · NC 
na na aged NC 
55 na organic NC 
na na soft silt 
52 na NC 
na na aged organic NC 
na 2 soft NC 
38 na intact oc 
na na soft NC 
na na soft NC silt 
34 3 soft NC 
na 3.5 soft NC 
na 2 soft NC 
38 15 sensitive aged NC 
na na soft NC 
46 na soft NC 

Wn = natural water content (%) 
WL = l iquid limit (%) 

Pl = plasticity index (%) 
CF = clay fraction (% ~ 21') 

St = sensitivity by field vane 

Ghionna, et al. , 1981 
Mahar & O'Neill, 1983 
Ladd, et al . 1980 
Juran, et al. 1983 
Blondeau et al., 1977 (31) 
Baguel in et al. , 1976 (32) 
Ghionna, et al. , 1981 
Baguelin, et al., 1974 
John, 1980 
Ghionna, et al., 1981 
Canou & Tumay, 1986 
Beguelin et al., 1978 (32) 
Battaglio, et al., 1981 
John, 1980 
John, 1980 
Roy & Chi Thien, 1987 
Beguelin, et al. , 1972 
Battaglio, et al. , 1961 

References not followed by reference number may be found in an earlier paper by Mayne and Kulhawy (7). 

44 intact clays 
12 f issured clays 

a format in terms of a power function, regression analyses for 
the SBPMT data give a best fit line (n = 159, r2 = 0.763, 
S.D. = 0.14 for logarithmic scale): 

K 0 = 0.52 OCR0
·
51 (2a) 

where n is the number of data points , r2 is the coefficient of 
determination, and S .D. is the standard deviation of the inde
pendent variable. For comparison, a least-squares regression 
assuming arithmetic relationships between K0 and OCR indi
cated an r2 of only 0.562, and , therefore , the choice of the 
assumed power function relationship in Figure 1 appears more 
statistically significant . In addition, the power function has 
been adopted by many researchers (6 ,9,10) as a convenient 
and simple means of relating K 0 to stress history. 

0 . 2 '--~--L~-'---'--'-..._,_._......_~~"'---'---'--L-'-........... 

The observed range of values about the statistical best-fit 
line in Figure 1 is likely caused by a number of factors not 
considered in this review. For one, by visual inspection, it can 
be seen that at low values of OCR the P AFSOR device con
sistently gives lower values of K 0 than does the Camkometer. 
This result may be caused by differences in the length to 
diameter (Lid) ratios of the probes (Lid = 2 and 4 for the 
PAFSOR, 6 for the Camkometer, and Lid = 5 for the Oyo 
type). In concept, the SBPMT minimizes disturbances to the 
ground during installation. In reality , however, some dis
turbance is inevitable, and this may influence the interpreted 
value of K

0
• In addition, the various environmental and 

geologic factors previously mentioned may have had some 
influence on the overall development of 0'100 • 

I 2 5 10 20 50 100 

OCR from Oedometer 

FIGURE 1 Observed trend between in situ K 0 from SBPMT and 
overconsolidation ratio. 

For comparison, it is of interest to summarize the apparent 
connection between K 0 and OCR from laboratory studies. In 
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laboratory test series, the K0 condition is defined strictly by 
one-dimensional consolidation with zero lateral strain. In the 
field, the true imposeJ bounuary conditions are not known , 
and the term K 0 is used to infer the geostatic state of stress . 
In the laboratory series, specimens were subjected to vertical 
stresses sufficient enough to reach an OCR = 1 and then 
were unloaded to known values of OCR. A statistical analysis 
of laboratory K 0 test data on 48 different clays unloaded in 
simple rebound has been summarized by Kulhawy and Mayne 
(11) and is presented in Figure 2. The average trend from 
regression analyses of the laboratory K0 data indicates 

(2b) 

where n = 174, r2 = 0.88, and S.D. = 0.17. Figure 2 also 
indicates the specific trends for the K 0 -0CR relationships by 
accounting for the influence of ';j;° as given by Equation 1. 
Whereas this effect of ';j;° has been justified for laboratory Kn 
relationships (4), it may also be taken as significant for field 
values of K 0 , although values of <!> were mostly unavailable 
for the SBPMT data base . For soils reloaded after rebound, 
it is important to note that the relationship between K 0 and 
OCR is different. 

CAVITY EXPANSION THEORY FOR K
0 

Although the SBPMT appears to be capable of providing 
direct measurements of the in situ K0 , the device has not 

48 cloys 

2.0 

1.5 

1.0 

0 .5 

2 5 10 20 50 
Overconsolidation Ratio, OCR 

FIGURE 2 Observed and predicted relationships between K 0 

and OCR from laboratory test data [data compiled from work 
by Mayne and Kulhawy (4)]. 
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gained sufficient popularity in practice because of its high cost 
and low productivity. T n ;icldition, the sophisticated nature of 
the device requires a high level of technical expertise in the 
field so that proper results are obtained. Moreover , the pres
ence of dense sands, old fills, and gravelly layers often causes 
difficulties in the installation of the SBPMT for routine test
ing . Consequently, considerable interest exists in estimating 
K0 from more conventional and robust tests such as the CPT 
and DMT, even though those represent indirect approaches 
to the problem. 

Commonly, the cone tip resistance (qc) measured during 
the CPT is used to determine the undrained shear strength 
(s.,) of clay deposits. Technically , a corrected cone tip resis
tance (qr) should be used because pore water stresses act on 
unequal areas of the cone (6). Therefore , piezocone pene
tration tests (CPTU) are the preferred means of testing . The 
value of s,, is calculated from qr according to 

(3) 

where uv 0 is total overburden stress and Nk is the cone tip 
bearing factor. 

The variation of normalized undrained strength (s,.lu,. 0 ) 

with OCR is well documented and assumes a power law form 

(4) 

where OC is overconsolidated, NC is normally consolidated, 
and A is plastic volumetric strain potential (12). For most 
natural clays, A = 0.8 for triaxial and direct simple shear 
modes of failure. If the strength corresponding to direct simple 
shear is assumed to be relevant, then the expression for the 
NC normalized strength is simply (12) 

(5) 

By combining Equations 1 and 3, Kulhawy ct al. (3) were 
able to effectively remove the OCR term, resulting in 

(6) 

Adopting the cavity expansion theory of Vesic (13), the cone
bearing factor for tip resistance is 

Nk = (4/3) [In I, + 1] + n /2 + 1 (7) 

where I, = Gls., is the rigidity index of the clay and G is the 
shear modulus. Keaveny and Mitchell (14) have substantiated 
the relevance of this cavity expansion expression for N k for 
CPT results in clay. The apparent difficulty with the cavity 
expansion approach is its reliance on I,. Because the stress
strain behavior of clay is known to be nonlinear, the relevant 
value of G (and I,) depends on strain level and stress history 
and is not known a priori. Fortunately, however, the expres
sion for Nk is in terms of the natural logarithm of I,, and 
therefore only a first-order assessment of I, is needed . 

Generally, I, decreases with OCR and increases with plas
ticity index of the soil (9,14). Alternatively, the modified Cam 
clay model can be used to provide an esti;nate of the undrained 
rigidity index (I, = G/s.,). By using conventional soil param-
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eters, the original Cam clay model may be utilized to evaluate 
I, for normally consolidated clays (15): 

( Gls )Ne = 2 M (l + e0 ) ln 10 
u 3 Cc J\. (1 - J\.) exp( - J\.) 

(8) 

where M = 6 sin (j)/(3 - sin (j}) = (j)/25.4 degrees, e0 is the 
void ratio, and Cc is the virgin compression index. Wroth and 
Houlsby (10) further showed that the effect of OCR on I, 
may be represented by using the following equation: 

(G!sJoc = [1 + C In OCR] OCR-A 
(G/sJNc 

(9) 

where C is an experimentally determined constant between 
0 and 2. A value of C = 1 appears to typify the trends observed 
from laboratory test data. By combining Equations 8 and 9 
and adopting a typical value of J\. = 0.8, Kulhawy and Mayne 
(11) developed a simple approximation for I , in terms of con
ventional soil parameters: 

(10) 

Figure 3 pre ents the parametric effect of OCR, (j), and Cc 
on the calculated value of I , for an assumed constant value 
of eo = 1. 

By combining Equations 3, 5, 6, and 7, K 0 can be expressed 
as 

K 1 · - (qT - (Tvo) /avo 
[ 

_ ] I 25 , ;n <f> 

0 = ( - sm <!>) (2/3) sin <!>(in I, + 2.925) 

.... 
H 

r0 
II 

:::l 
I/) 

' :::l 

w 

0 
t 2 5 10 20 

OCR 

Cam Clay 
( e

0 
= I) 

Cc 

} 0.1 

}0.2 

} 0 .5 

50 

(11) 

100 

FIGURE 3 Parametric effects of effective friction angle ((i)), 
compression index (Cc), and overconsolidation ratio (OCR) on 
calculated rigidity index (/, = Gls.). 
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which demonstrates that K 0 is related to the normalized cone 
tip resistance , f/'r - a.,,,)lfi,,,,, in term of basic s ii param
eters ((j) ,, and e,,). By using Equation 10 and lJ, the 
parametric effect of compressio11 index (Cc) on the theore tical 
relationship between K0 and n rmalized cone tip resistance i 
illustrated in Figure 4. 

Cavity expansion theory also provides an evaluation of the 
excess pore water stress · (611) induced by a p netrating cone. 
For piezoco.nes wi th porou e lement located on the con tip, 
611 i cau ed primarily by change in octahedral · ire e . uch 
that (16) 

6u = (4/3) Su ln I, (12) 

which applies to spherical cavities. In accordance with Equa
tions 4 and 10, 6u for piezocones with porous elements on 
the cone tip is a lway positive. By a ·imilar combination of 
previous results , the d rived expres ion for K,, in terms of 
the n rma!izcd exces. pore water stress (6.u / rr,.,,) from pie
zocones with tip measurements becomes 

K = (1 - sin (j}) [ (6.ulavo) ] i.25 s;nJ, 
0 (213) sin <P In /, 

(13) 

Figure 5 illustrates the parametric influence of ¢ on the 
theoretical relationship between K 0 and 6.u/a., 0 • 

An approximate mcthodol gy for the DMT also can be 
formulated. The increase in total horizontal stress caused by 
a penetrating probe in cohesive ground may be estimated by 
using cylindrical cavity expansion theory (16): 

Lia,, = Su [1 + In I,] (14) 

Again, the previously mentioned approach yields 

K = (1 - sin¢) [ (6.u,Java) ] i .2s , ;n J, 
0 (112) sin <!> (In I, + 1) 

(15) 

3 

2 

( 
qT-rrvo) f 

- ram 
crvn 

CPT 

FIGURE 4 Theoretical relation for K0 in terms of normalized 
cone tip resistance. 
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Cc : I 
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3 40° 
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0 5 10 

( ~u ) from CPTU 
uva 

FIGURE S Theoretical relation for K 0 in terms of normalized 
penetration pore water stress. 

The dilatometer provides measurements of total horizontal 
sl re · after penetration by a fiat blade. For purposes of cor
relating DMT resul ts with estimated profit f K,,, Marchetti 
(17) defined the horizontal stress index (K0 ) as a dimen i n
less parameter 

(16) 

where p0 i th e initial total contact !res' and u0 i the hydro-
tatic por water tre s. No specific cavity expansion theory 

exi. ts for a penetrating tlat blade having the same geometry 
a the dilatometer and u ing the preci e definition of Kn. 
However, a a fir~t approximation , the index K0 may be taken 
as the change in total horiz ntal stre represent d by the 
normalized term (Au1,/u,.,,) in Equation 15 . Figure 6 present 
the ffect of th n rm alized total horizontal tres. change on 
the calculated value of K0 • The empirical relati< nship for K., 
in terms of K/) given by Marchetti is also shown in Figure 6. 
Apparently the mpirical approach matche the theoretical 
curves for a soil with 4") "" 30 degree C< = 0.4, Hml e0 "" J · 

A prelimi.naJy assessment of OCR i required to calcu la te 
I, from Equation 10. Because/, depend roughly a a function 
of the natural logarithm of 0 R , only a preliminary estimate 
of OCR i · required for calculating/, from Eq uation 10. Thi 
preliminary estimate of st ress history may be made by using 
empirical correlations betw en th effective preconsolidation 

5 

¢ = 30° 
4 

ea= I 

3 

Ka 

2 

Normalized Total Horizontal Stress Change, t.uh/crvo 

FIGURE 6 Theoretical relation for K 0 in terms of normalized 
total horizontal stress change. Empirical correlation for DMT 
by Marchetti (17) also shown. 
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stress (~,) and in situ test results from the cone penetration 
test, p.iezocone, and dilatometer (18,19) given by the following 
expressions: 

CPT 

(17a) 

CPTU 

(17b) 

DMT 

(17c) 

For heavily overconsolidated fissured clays, these correlative 
trends provide conservative estimates (19). 

DATA BASE TRENDS FOR K 0 

The compiled SBPMT data base permits the development of 
direct correlations between K 0 and normalized in situ test 
parameters. A total of 17 of the SBPMT sites cited in Table 1 
also were tested by CPTU, allowing for a direct trend between 
K0 and the normalized cone-tip resistance (qT - a,.0)/av0, 
as in Figure 7. The observed trend from the field data is 
consistent with th theoretical relation indicated previousJy 
in Figure 4 . A was expected , the highe t values of K0 and 
(qr - a.,,)l"Ci.,0 are ass ciated with heavily overcon. lidat d 
and fissured clays [London Gault, and 'owdcn (20) ], a. well 
a with the upper fissured crust of Haga clay (21). Very high 
values of K,, also are associated with Taranto clay \Vhich i 
rep rted to be cemented and mi rofissured ( ). 

Becau e fis ured clay have likely undergone passive fai l
urn they do not behav as a true continuum . on ·equently. 

I
~ 

4 

~ 3 
Cf) 

E 

~ 2 
0 
~ 

Ka=0 .10 (qT-O'"val/uva 

(n=67, r 2 =0.816, 
S.D.=0 .54) 

12 intact clays 
5 fissured clays 

(QT -crvo) from CPT 
CJ VO 

FIGURE 7 Observed trend between K0 from SBPMT and qT 
from cone penetration tests. 
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measurements from in situ probes such as the cone penetro
meter also reflect the effects of the secondary structure; that 
is, qr reflects both the nature of the intact blocks of heavily 
precons lidated clay and the degree, extent, and spacing of 
fissures. The result is that in hea ily overconso!jdated fis ured 
clays measured values of qr are high because of the stress 
history effects, but they are not as high as theoretical consid
erations because fissures allow for stress relief during cone 
penetration. 

A similar trend is observed between the SBPMT value of 
K 0 and the normalized excess pore water stress (t::.u/a" 0 ) taken 
from piezocone soundings (Figure 8). Measurements of t::.u 
are primarily from piezocones with tip or face elements. Again, 

I- 4 
~ 
a_ 
CD 
(/) 3 

E 
0 .... 

'+-

0 
~ 

2 

K0 =0.24 6ut/O-vo 
(n= 73, r 2 =0 .827, 

S.D.=0 .52) 

5 
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observed trends for K 0 are in line with theoretical curves 
shown in Figure 5. However, fissuring evidently affects the 
piezocone measurements f t::.11 in a mll nner de cribed pre
viously for q.,. readings. F r piez cone with porous e lements 
l cated ju l behind the tip , rh observed re latjon ·hip do s 
not hold in general, because at this location pore water stresses 
occur as a combination of shear- and octahedral-induced stress 
changes. Consequently t::.u for heavily overconsolidated and 
fissured clays tend. to be zero or negative for those types of 
piezocone . 

The direct correlation between the SBPMT value of K
0 

and 
the DMT index K 0 is presented in Figure 9. The original 
correlation between K0 and K 0 presented by Marchetti (17) 

10 

6ut at tip 

12 intact clays 
5 fissured clays 

15 20 

( ~Ut) from CPTU 
<Jvo 

FIGURE 8 
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Observed trend between K 0 from SBPMT and ..iu from piezocone soundings with tip elements. 

K0 = 0.27 Ko 
(n=69, r 2 =0 .820, 
S. D. = 0.48) 

5 10 

Horizontal Stress Index, K 0 

7 intact clays 
5 fissured clays 

15 20 

FIGURE 9 Observed trend between K 0 from SBPMT and K0 from dilatometer soundings. 
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was, in fa t, based largely on estimated values of K,, for the 
site considered. 1n conrra, t , data 1nescn ted in Figure 9 use 
values of K0 measured in situ by usLn the SBPMT. B com
paring Figure · and 9 it is appar nt th.at fissuring al o affects 
the DMT lift-off pressures. 

From a practical standpoint, only a first-order estimate of 
the in si ll! K., may be requ ired for geotechnical analysis. Often, 
the n cessMy values of ¢ C0 eO' A, and OCR for the theo
retical approach will be unavailable . Because the methodol
ogy is indirect and nly approximate in nature, simplified 
statistical trends may be adopted that relate K., direct! to 
the normalized in situ lest mea uremcnts. The best-fit lines 
from regression analyses indicate 

CPT 

(18a) 

CPTU 

(18b) 

DMT 

(18c) 

Summaries of the statistical results and best-fit lines forced 
through the origin are presented in Figures 7-9 for the CPT, 
CPTU, and DMT data. 

CONCLUSIONS 

A systematic approach to the study of K0 in situ leads to the 
following conclusions: 

1. Direct measurements of in situ horizontal stress obtained 
from 56 clay sites tested by self-boring pressuremeter indicate 
a K0 -0 R relationship con i tent and congruous with pre
vious trends derived from laboratory data. 

2. For clay deposits that have been subjected to relatively 
simple load-unload stress history, indirect as essments of K,, 
by cone penetration, piez cone, and dilatomcter te t · appear 
fea ible. A simplified theoretical framework is formulated for 
this purpose in term:> of basic soil parameters ((j}, cc, and eo) 
by using cavity expansion theory. 

3. Observed trends between SBPMT values of K 0 and the 
normalized cone tip resistance (qT - uv)av 0 ) , excess pore 
water stress at the tip (1:!..u/av 0 ), and DMT horizontal stress 
index (Kv) are con i tent with theoretical relationships. 

4. In situ penetration tests in heavily overconsolidated fis
sured clays also are influenced by secondary structure effects. 
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Dilatometer Lateral Stress Measurements 
in Soft Sensitive Clays 

JEAN BENOIT, Lours A. NE]AME, MICHAEL J. ATWOOD, AND 

R. CRAIG FINDLAY 

Results from self-boring pressuremeter (SBPM) and dilatometer 
(DMT) tests at sites in Portsmouth, New Hampshire, and at 
Hamilton Air Force Base, California , are compared in terms of 
total lateral stresses. Site-specific correlations for soft sensitive 
clays between the dilatometer initial lift-off pressures and the 
range of self-boring pressuremeter horizontal stresses are observed 
and it appears that the SBPM can be successfully used to calibrat~ 
the DMT. Results from lateral stresses measured at the end of 
DMT total stress dissipation tests are in close agreement with 
upper bound results from the SBPM. 

Measurement of lateral stresses in the ground is best accom
plished in situ by using the self-boring pressuremeter (SBPM) . 
However, the high potential of the SBPM is somewhat over
shadowed by its relatively low production testing and the 
complexity of its drilling and testing operations. In response 
to some of those difficulties, the dilatometer (DMT) was 
introduced in the mid-1970s (1) as a fast and simple tool having 
the capability to yield an empirically derived in situ lateral 
stress . The lateral stress from the DMT is based on the pres
sure necessary to initially move the flexible circular steel mem
brane from the face of the instrument into the soil. However, 
empirical correlations are only as good as the reference tests 
used for their development. To this end, extensive programs 
of sdf-boring pressuremeter and dilatometer testing have been 
carried out at two soft sensitive clay sites in an attempt to 
correlate the results from those in situ devices. The test sites 
are the Portsmouth I-95 Interchange in New Hampshire and 
Hamilton Air Force Base in California . Those sites were cho
sen because of the wealth of documentation available con
cerning the engineering properties of the soil deposits and 
because of ongoing research programs that use a unique nine
arm self-boring pressuremeter and the flat plate dilatometer. 

This paper summarizes the lateral stress results obtained 
from the SBPM and the DMT at both sites. Comparisons are 
made between the measured horizontal stress from the SBPM 
the initial lift-off pressure readingp0 from the DMT, and th~ 
pressure at the end of DMT total stress dissipation tests. 
Assessment of the potential of the DMT as a primary tool to 
evaluate lateral stresses in the ground by using the SBPM for 
calibration is discussed . 

SITJ<.: CHAKACTJ<.:KJSTlCS 

The New Hampshire test site is located in Portsmouth and is 
adjacent to the test embankment investigated by Ladd (2) 

Department of Civil Engineering, University of New Hampshire, 
Durham, N.H. 03824 . 

during the construction of the surrounding I-95 highway 
embankments. The site, situated on the premises of the Pease 
Air Force Base (PAFB), is a shallow swamp with the water 
table varying from the ground surface to more than 2 ft above 
ground. Beneath a surficial organic layer lies the silty clay 
deposit. Underlying 5 to 8 ft of stiff mottled silty clay is a 
layer of very soft and highly sensitive marine gray silty clay. 
Within this clay layer of thickness up to 19 ft are occasional 
silt and sand lenses. Glacial till underlies the deposit. 

The California site is located in Novato at Hamilton Air 
Force Base (HAFB). Soil conditions at the site consist of 15 
to 20 ft of gray stiff silty clay underlaid by a soft to medium 
gray clay known as Young Bay Mud . Occasional shells and 
silt lenses may be found within this medium sensitive clay, 
which extends to a depth of approximately 50 ft. The water 
table fluctuates from the ground surface to as low as 12 ft 
below ground. 

Table 1 summarizes some of the basic engineering soil prop
erties at the P AFB and HAFB test sites. Both soft clay depos
its are slightly overconsolidated below the dessicated crust. 
The highly sensitive clay at PAFB is of low plasticity, with a 
liquidity index that suggests very viscous liquid behavior dur
ing shearing. The soft clay at HAFB is highly plastic and not 
nearly as sensitive as the PAFB clay. Natural water contents 
of the Young Bay Mud are approximately twice those of the 
Portsmouth clay . The normalized strengths range from 0.13 
to 0.30 for the PAFB clay, and it is significantly higher for 
Young Bay Mud at 0.29 to 0.38. 

TESTING PROGRAM 

Flat Plate Dilatometer 

The dilatometer tests at P AFB and HAFB were conducted 
in accordance with the suggested ASTM standard D18.02.10. 
The blade was generally pushed at a rate of 2 cm/sec. Figures 
1 and 2 present typical profiles of DMT indices versus depth 
for both sites. For the P AFB profile in Figure 1, the material 
index Id varies between 0.15 and 0.3 for the very soft portion 
of the deposit. The presence of silt and fine sand lenses observed 
in undisturbed tube samples obtained from an adjacent bore
hole is clearly shown by increases of the index . The lateral 
stress index Kd indicates a decreasing trend with depth and 
is higher than usually observed for soft, nearly normally con
solidated clays. A similar trend is noticed in the preconsoli
dation pressures obtained from oedometer tests, which also 
indicate a decrease with depth relative to the assumed effec-
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TABLE 1 TYPICAL SOIL PROPERTIES AT PEASE AIR FORCE BASE HAMILTON AIR FORCE BASE SITES 

Test Soil Vat.er Plastic Li.cpi.d Plasticity Ll.quidity ?t>rml:izel Sensitivity Refennoes 
l.ocatim D=scriptim Qntmt Llmit Llmit IOOex IOOex S~th* 

(%) (%) (%) (%) (%) (s /a' ) 
U VO 

Portsoouth I-95 Soft nerine 35-SO 20-25 25--40 10-15 1.3-2.3 0 .13--0. :1) 10-15 ~.~ 
New Hamp.shire grey silty 
(Pease Air clay with 
Force Base) occasional silt 

and sarxl lenses 

Hamilton Air Soft grey 86--90 38--40 85-88 45-SO 1.0-1.1 0.29--0.38 6--8 ~.~ 
Force Base clay with 
California sane shells 

and silt 
lenses 

~ normlized strengths are shown as a range fran various laboratory tests using different stress paths 
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FIGURE 1 Typical profile of dilatometer indices at Pease Air Force Base, New Hampshire. 

tive vertical stress. Although the water pressures at the site 
were measured as hydrostatic, the vertical stress may be more 
complex than simply geostatic because of the shape of the 
underlying bedrock. The dilatometer modulus Ed is nearly 
constant at 30 ksf for the soft material. 

The HAFB index profiles are less variable with depth than 
those from PAFB. The material index varies from approxi
mately 0.1 to 0.15 throughout the normally consolidated clay. 
The lateral stress index is approximately constant at 2.3, typ
ical of normally consolidated clays. The dilatometer modulus 
increases slightly with depth from about 10 ksf at 20 ft to 30 
ksf at 50 ft. 

The indices determined from the DMT tests at each of the 
two sites are strikingly different. The material index is gen
erally lower for the less-sensitive HAFB deposit. Although 
this contradicts expected soil behavior, it is consistent with 
test results in the Ons0y and Drammen clay deposits by Lacasse 
and Lunne (6). There, they observed a lower Id for the less 
sensitive Drammen clay. Lutenegger (7) also suggests that Id 
may be a function of sensitivity. From this testing program 
and that of Lacasse and Lunne, Id may be related to both 
sensitivity and strength. The trends for lateral stress index 
show the same type of variability observed in results of lateral 
stress from SBPM tests, which will be discussed later. The 
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DMT modulus is lower for the more plastic HAFB deposit. 
As was stated by Lacasse and Lunne (6), the sensitivity of 
the DMT for soft clays may be insufficient for shallow depos
its, because the membrane corrections account for a major 
portion of the field pressure readings. For those testing 
programs, a very soft membrane was used, and several cali
brations were carefully conducted prior to and after each 
sounding. 

Special dilatometer tests designed to evaluate the coeffi~ 
cient of consolidation were performed at both sites. Typical 
total stress-type dissipation tests (DMTA) are presented in 
Figure 3 for both sites. The test involves taking initial pressure 
readings with time without ever deflecting the membrane 
beyond the plane of the blade. The pressure at the end of 
dissipation is taken as a total stress without the effects of 
excess pore pressures, yet it still includes remolding effects. 

Self-Boring Pressuremeter 

Different self-boring pressuremeters were used for the P AFB 
and the HAFB investigations, although both probes were 
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FIGURE 4 Total horizontal stresses from self-boring 
pressuremeter tests at Pease Air Force Base. 
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fabricated by the firm Cambridge Insitu, England. The SBPM 
used at HAFB is of the conventional type and is equipped 
with three strain feeler arms at the midsection of the probe 
set 120 degrees apart to monitor cavity expansion . The probe 
used at P AFB was designed by the principal author and differs 
from the HAFB device in that it is specially equipped with 
three levels of strain arms. The three levels are located at the 
top fourth, midsection, and bottom fourth of the inflatable 
section of the probe. Each level has three arms also set 120 
degrees apart. The increased number of strain arms tracking 
the expandable membrane allows for the entire cavity expan
sion to be monitored more accurately. The SBPM results 
presented in this paper are from tests where the conventional 
cutting method of insertion was used [following the procedure 
described in Benoit and Clough (5)]. Determination of lateral 
stresses was made in all of the SBPM tests conducted at both 
sites by using an enhanced visual inspection method. This 
method, described in Benoit and Clough (8), consists of mag
nifying the portion of the pressuremeter expansion curve asso
ciated with the "lift-off" pressure, and this allows a more 
accurate assessment of the in situ lateral stress. Appropriate 
corrections were made for the stiffness of the flexible mem
brane. The SBPM tests at PAFB also were corrected for 
excess pore pressures generated during insertion and which 
had not completely dissipated at the time of initial lift-off. 
Pore pressures were continuously monitored by using two 
pressure transducers located near midprobe, 180 degrees apart. 
Figures 4 and 5 present typical profiles of the lateral stress 
with depth for both sites and for each of the strain-monitoring 
arms. All nine measurements of lateral stress per test are 
shown in Figure 4. The P AFB stresses for each of the three 
levels of arms seem to indicate an inherent horizontal stress 
anisotropy that is more pronounced than that previously 
observed at HAFB (8). 

COMPARISON OF SBPM AND DMT LATERAL 
STRESS MEASUREMENTS 

Lateral stresses from SBPM, DMT, and DMTA tests at PAFB 
and HAFB are presented in Figures 6 and 7. The SBPM 
horizontal stresses presented are the lower and upper bounds 
of the values presented in Figures 4 and 5. The DMT results 
are plotted in terms of initial lift-off pressures p 0 and in terms 
of total stress at the end of the DMTA dissipation tests, as 
was previously indicated in Figure 3. 

The results seem to indicate that at PAFB and DMT p 0 

pressures follow a trend similar to the range embraced by the 
minimum and maximum lateral pressures measured by the 
SBPM. The total stress at the end of the DMTA dissipation 
tests is midway between the minimum and maximum SBPM 
values in the overconsolidated clay but is in very close agree
ment with the maximum SBPM stresses in the normally con
solidated clay. Similar trends are observed for the HAFB 
horizontal stresses. The DMT p0 readings also follow the trend 
of the range of SBPM lateral stresses in both the overcon
solidated and the normally consolidated clay. The total stress 
at the end of the DMTA dissipation tests are, as with PAFB, 
in excellent agreement with the maximum values of lateral 
stress measured by the SBPM. Owing to field time constraints, 
only the test presented in Figure 3 at 18. 9 ft was conducted 
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FIGURE 5 Total horizontal stresses from self-boring 
pressuremeter tests at Hamilton Air Force Base. 

overnight until dissipation had fully occurred. The other two 
DMTA tests were monitored for 2 hours, which is beyond 
the time for 50 percent consolidation, t50 • The pressure at 100 
percent dissipation was estimated for those two tests based 
on the time for 50 percent consolidation of the fully dissipated 
test. It should be noted that t50 for the fully dissipated test is 
in very close agreement with the SBPM holding tests previ
ously performed at this site (9). 

Clarke and Wroth (10) compared results from DMT and 
SBPM tests at eight different sites in the United Kingdom. 
An attempt wa made to correlate th change in pre ure 
from lift- ff ro the 1-mm expan ion for the DMT test (µ 0 -

p 1) with the difference etween the pre. sur m 1 r limit pre -
sure and the measured horizontal stress (PL - a,,) . Their 
correlation seems to show a linear relationshiµ vver a wide 
range of stresses. This relationship was examined by using the 
results from the P AFB and HAFB sites, as is shown in Figure 
8. For clari ty, only the average strain channel for the HAFB 
tests and the three middle arms for the P AFB tests are plotted. 
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FIGURE 6 Comparison of dilatometer and self-boring 
pressuremeter total lateral stress test results at Pease Air Force 
Base. 

Also shown are SBPM results from tests at HAFB that showed 
disturbance caused by the oversizing of the cutting shoe or 
probe clogging. A rela tionship similar to that suggested by 
Clarke and Wroth appear to exist for the results from those 
tw sites. However, the gradient of the relationship greatly 
differs for those low pressures, and, furthermore, disturbance 
does not seem to affect the correlation that suggests that limit 
pressure is a dominating factor. 

SUMMARY AND CONCLUSIONS 

Lateral stress results from self-boring pressuremeter and dila
tometer tests are compared for two sensitive soft clay sites: 
Pease Air Force Base and Hamilton Air Force Base. The 
results seem to indicate that the p 0 readings from the DMT 
may be calibrated by using the SBPM because they follow 
very similar trends . Results of DMT p 0 readings at Pease Air 
Force Base are approximately 5 times greater than those from 
the minimum SBPM lateral stress values. At Hamilton Air 
Force Base, the DMT results are approximately 2.5 times 
greater than those from the SBPM tests. Clearly , DMT and 
SBPM lateral stress measurements can be correlated but should 
remain site specific at this time. Once calibrated, the more 
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cost-effective dilatometer may be used to investigate spatial 
variability. Lateral stresses from DMTA dissipation tests are 
in very close agreement to the maximum values of horizontal 
stress measured with the SBPM and may be used to estimate 
the upper bound of in situ lateral stresses. 
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Lateral Earth Pressure Measurements in a 
Marine Clay 

AN-BIN HUANG AND KERRY C. HAEFELE 

A series of self-boring pressuremeter (SBPM), self-boring lateral 
stress cell (SBLC), and flat dilatometer (DMT) tests have been 
performed at a marine clay test site in Massena, New York. Three 
strain arm readings from the SBPM tests were recorded individ
ually. The SBLC has two stress cells 180 degrees apart. By rotat
ing the SBLC it was possible to measure the lateral stresses in 
different directions. The DMT tests were performed by pointing 
the blade in five directions, each 45 degrees apart. The tests 
performed are described, and the performance of the individual 
methods are evaluated in light of the test results. 

Measuring the field lateral earth pressure u1'° is one of the 
most intriguing challenges for geotechnical engineers. Such 
measurements have included the use of hydraulic fracturing, 
different types of pressuremeters, and lateral stress probes 
(1,2) as well as a variety of flat-plate penetrometers (3-5). 
Among all the available methods, the self-boring probes (e.g., 
the camkometer) may be the most sophisticated and elaborate 
ones. Representing the other end is the flat dilatometer (3), 
which is simple and efficient. Little information is available 
as to the relative performance of those two different approaches 
(i.e., simplicity versus accuracy). 

The at-rest lateral earth pressure coefficient K 0 is often used 
in lieu of a"0 • Here, the term K0 will be defined as 

K = <J"f,., 
0 I 

<T,.Q 
(1) 

where u~0 is the effective lateral earth pressure, and a:.0 is the 
effective overburden stress. 

Apparently, because of its relatively low disturbance, the 
self-boring pressuremeter (SBPM), such as the Camkometer, 
has been accepted as one of the more reliable tools for meas
uring the in situ lateral earth pressure. Three strain arms are 
located at the mid height of the camkometer probe. In theory, 
as the probe pressure exceeds the surrounding lateral earth 
pressure it starts to expand. This "lift-off" pressure during 
the SBPM probe expansion has been linked directly to the 
lateral earth pressure. However, the lift-off pressures accord
ing to the individual strain arms do not always agree with one 
another. This can be attributed to the anisotropic nature of 
the lateral earth pressure or nonuniform disturbance of the 
soil. Despite the studies conducted (2), there has been 
no general conclusion as to which of the two is the more 
prominent factor (6). 

A-B. Huang, Department of Civil and Environmental Engineering, 
Clarkson University, Potsdam, N.Y. 13676. K. C. Haefele, H & A 
of New York , 189 S. Water St. , Rochester, N.Y. 14604. 

The flat dilatometer (DMT) is a relatively new addition to 
the in situ testing devices. Many empirical methods have been 
proposed to relate K0 to the DMT horizontal srre. s index K0 

[e.g., th e of Marchetti (3) and Powell and Uglow (7)), which 
is defined as 

(2) 

where P0 is DMT lift-off pressure, and u
0 

is hydrostatic pore 
water pressure before DMT insertion. 

Reports of such applications have been encouraging (7-9). 
The DMT is generally considered a rugged, simple, and prac
tical testing device. The SBPM, on the other hand, is viewed 
as being complicated and mainly a research tool. In an effort 
to evaluate the relative performance of such drastically dif
ferent approaches, a series of SBPM, self-boring lateral stress 
cell (SBLC), and DMT tests were carried out at a test site . 
This paper presents the tests performed and discusses the 
efficacy of those methods in measuring lateral earth pressures . 

FIELD EXPERIMENTS 

Site Condit.ions 

The test site is located east of the town of Massena, New 
York. Figure 1 presents the layout of the test site and the 
testing location. Highway 37 runs east to west immediately 
to the north of the test site. A creek located to the west of 
the test site had eroded the soil and created an approximately 
4-m deep cut. The soil consists of approximately 12 m of a 
marine clay deposit underlain by glacial till. Below the 1.5-
m thick highly weathered and fissured crust and a layer of 
overconsolidated clay (from 1.5 to 3.5 m), the marine clay is 
soft and lightly overconsolidated (OCR = 1.5-3). Figure 2 
presents profiles of the available laboratory, field vane 
shear (FVT), and piezocone penetration (CPTU) test results 
at the site. 

SBPM Tests 

A total of B SHPM tests were performed by using a Camko
meter. The use of the Camkometer has been widely reported. 
Readers are referred to Wroth and Hughes (10) for details 
of the Camkometer design and its operation. Depths of SBPM 
tests ranged from 3 .5 to 6. 7 m. The orientations of the three 
strain sensing arms were recorded before the probe insertion. 
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I 
Highway 37 ---- - ---

Insertion of the SBPM was carried out at a rate of 80 mm/ 
min. The cutter was set at 20 mm from the leading edge of 
the SBPM probe. Initial trials showed that cutter settings less 
than 20 mm could result in an apparent unloading to the 
surrounding soil, as was indicated by the negative pore pres
sure readings during and immediately after the probe inser
tion . The probe expansion started after the pore pressure had 
stabilized . Nine of the SBPM expansion tests were strain con
trolled. The strain rate of 1 percent/min was used in the probe 
expansions. The rest of the SBPM tests were stress controlled. 
Initial stress increment of 14 kPa was used until 1 percent 
strain was reached to facilitate P0 readings. Beyond the 1 
percent strain, a 28-kPa stress increment was used. A 1-min 
duration was used for each of the stress increments . An unload 
reload loop was applied at 2.5 percent radial strain for all the 
SBPM tests. The data were recorded at a rate of 2 per second, 
using a computer data logging system. Figure 3 shows the 
beginning part of the SBPM expansion curve recorded for the 
individual strain arms. 
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FIGURE 1 Layout of the test site. 
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SBLC Tests 

The SBLC (Figure 4) used in this study was manufactured by 
Cambridge Insitu. It has the same di ameter as the Camko-
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meter (80.4 mm). Experience on the use of SBLC has rarely 
been reported. The probe performs very limited expansion. 
The outside surface is fitted with two bending web load cells 
(cells C and D) located on the opposite sides near the midpoint 
of the instrument. The load cells are 44.4 mm in diameter. 
A pair of pore water pressure transducers are located between 
the two load cells at the same level. Any difference between 
the external stress on the load cells from the soil and the 
applied internal gas pressure would cause the load cells to 
deflect. The electrical output (in bits using a computer data 
logging system) is proportional to the load cell deflection. At 
the maximum allowable pressure difference of 280 kPa, the 
load cell deflection is 19 microns according to Dalton and 
Hawkins (2). The control unit was calibrated so that at zero 
pressure difference the output was zero bits. No inside pres
sure was applied during the SBLC insertion, and the soil 
pressure pushed the load cells inward. The "expansion" test 
is performed by increasing the internal pressure while mon
itoring the outward deflection of the load cell. The internal 
pressure at which the load cell reaches its neutral position 
(zero bits) is an indication of the lateral earth pressure. The 
SBLC can be thought of as a "passive" measuring device 
because it allows an inward movement of the soil/load cell to 
occur. The at-rest lateral earth pressure is reinstated upon 
expanding the load cells to their neutral position. 

Insertion of the SBLC follows the same procedure as inser
tion of the SBPM. Two profiles of the SBLC tests were per
formed from depths of 3.5-7.5 m. The expansion started after 
the excess pore pressure dissipated, as was indicated by the 
pore pressure transducers . Figure 5 presents the typical results 
of SBLC expansion tests and the technique for deducing the 
lateral earth pressure. The probe was rotated 60 degrees 
clockwise upon deflation , and the test was repeate<l ilfter 
stabilization of the pore pressure. By rotating the probe twice , 
a total of six lateral earth pressure readings can be taken to 
encompass 360 degrees. Experience indicated that rotating 
the SBLC probe did cause some variations of the lateral stress 
measurements. However, the variations were random and 
within the accuracy of the measurements. An additional evi
dence for this is that the data from SBLC and SBPM showed 
similar lateral earth pressure anisotrophy and its relationship 
with depth, as to be presented later. 

400 

350 

300 

:t:: 250 
~ 200 
~ 
;::! 150 p.. ... 

100 ;::! 
0 

~ 50 
.9 0 ... 
0 
Q) -50 ;;::: 
Q) 

~ - 100 
~\ -150 

- 200 ~ 
- 2600 25 50 75 100 126 160 

Expansion pressure, kPa 

FIGURE 5 Typical SBLC expansion curves. 
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DMT Tests 

A total of five profiles of the Marchetti (3) flat DMT tests 
were performed from 1 to 10 mat the test site. In each profile , 
the DMT blade was oriented to a different direction so that 
the five tests would cover directions from due north to due 
south at 45 degree rotations counterclockwise . The tests were 
performed at 0.3-m intervals. Figure 6 presents the profiles 
of the corrected lift-off pressure, P0 and 1 mm expansion 
pressure, and Pi from all the DMT tests. 

TEST RESULTS AND INTERPRETATION 

There are at least eight published methods for deducing a,'° 
(11) from pressuremeter tests. All methods involve some sub
jective judgement , and none of them should be considered 
as measurements of a1'°. Most of those methods are not appli
cable to SBLC tests because of the lack of significant probe 
expansion. To maintain consistency, the SBPM lift-off pres
sure is used to deduce ah0 , because this method is similar to 
that used for SBLC tests. However, the design differences 
between the SBPM and SBLC can have significant effects on 
the deduction of aho· Jefferies et al. (12) indicated that in stiff 
clays the lift-off pressure from SBPM tests could correspond 
to the soil lateral yield stress a"Y' where the probe pressure 
starts to induce large, plastic deformation in the surrounding 
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FIGURE 6 The DMT test results. 
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soil. The strain sensing arms movement at a"Y ' which is sig
nificantly higher than a"0 , could be very small and difficult 
to detect. The same is not likely to occur for SBLC tests 
because it has a "passive" sensing system , as was described 
previously, and it does not involve any lift-off pressure. 

Figure 7 presents the deduced a 110 values from SBPM and 
SBLC tests . The SBLC readings came from tests (cell C facing 
north and cell D facing south) in the same bore hole. Table 
1 summarizes the limit pressures Pi, undrained shear strengths 
s", initial shear moduli G;, shear moduli from unload reload 
loops H,,, and a1< 0 values from all the SBPM tests. The simplex 
method developed by Huang et al. (13) was used in the inter
pretations of SBPM tests . The a1'° values from SBPM tests 
are based on the average of the three strain arm readings. 
The results substantiate the argument by Jefferies et al. in 
that the ah 0 from SBPM are consistently higher than those 
from the SBLC tests within the stiff clay layer (see Figure 2) 
at depths from 3 to 4 m. From below that level and within 
the soft clay deposit, a1'° values from both tests agree fairly 
well. Within the soft clay layer, the a,'° from SBPM and SBLC 
correspond to K0 values on the border of 0.5 to 0.65 , which 
is consistent with the oedometer test results (Figure 2). 

The ah0 values from load cells (i.e., C and D) located on 
the opposite sides of the same SBLC probe were different 
(Figure 7) by as much as 40 percent. There was significant 
and different levels of soil disturbance around the load cells. 
The same should also occur for the SBPM tests, as was indi
cated by Huang and Haefele (14). 

P1, kPa 
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FIGURE 7 Deduced CTho from SBPM and SBLC tests. 

TABLE 1 SUMMARY OF THE SBPM TEST RESULTS 

Test Depth Po Fl Su Gi I Gr 

m kPa MP a 
Stra in Co ntrolle d Tests 

SBP\[4 35 100 450 71 56 5 -
SBP\18 38 105 400 49 59.7 14.4 

SBP~l5 4. 5 68 240 28 53. 9 7.3 

SBP~[9 4. 6 95 350 46 57.7 11. 7 

SBP ~ll 4 7 30 410 93 31. 4 10 1 

SBP\110 5 5 90 425 61 52. 4 11.9 

SBP\12 5. 8 75 250 35 2 4.3 5.4 

SBP ~Ul 6.4 100 440 60 79.5 14.6 

SBP~l3 6.7 75 360 50 73. 9 11-8 

Stress Controlled Tests 

SBP~l 12 3.6 130 480 65 64.4 8. 3 

SBP~l1 3 4 .6 65 310 48 50.6 8.0 

SBP~U4 5. 6 85 360 47 56.1 11.8 

SBP\ [1 5 6.5 75 365 59 64.5 13.3 

A direction index D; is used to provirle ;:i rprnntitative indi
cation of the lateral stress variations. 

(3) 
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and 

( ) ± (<J1,o)i 
(J ho avg = i = 

1 
6 (4) 

where nd is the number of depths where <J,, 0 was measured 
(nd = 4 for SBLC, nd = 8 for SBPM). 

A higher D; value, therefore, indicates greater <J,, 0 measure
ment in that direction . According to the D; values , <J1'° in 
different directions for both SBPM and SBLC tests (Figures 
8 and 9) seem to indicate a consistent axis of major lateral 
stress despite the existence of disturbance. The direction of 
the major lateral stress is approximately parallel to the creek 
adjacent to the test site (see Figure 1) . There was no geological 
reason for an anisotropic stress field at the test site other than 
the erosion created by the creek. If indeed this was the case , 
then the test results are consistent with the direction of the 
creek . In any case , the results are not very convincing because 
the differences in lateral earth pressures are generally within 
the accuracy of the measurements. 

Most of the available empirical methods assume an expo
nential relationship between K0 and Kv in analyzing the DMT 
data . For example, on the basis of his statistical analyses, 
Marchetti (3) suggested that 

(5) 

appears to be a reasonable approximation of such a relation
ship. P0 represents the average normal stress on the expand
able diaphragm at the end of DMT penetration . The normal 
stress , as inferred from strain path analysis (15) , undergoes 
a monotonic loading followed by a slight unloading before 
the soil clement reaches the DMT diaphragm (Figure 10). If 
Equation (5) is rearranged as 

(J;'° = <J~0 [(Kvfl.5) 0
•
47 

- 0.6] (6) 

then this implies that for given <J~0 and u0 there is an expo
nential relationship between (P0 - u0 ) and <J;'° , regardless of 
the state of stress , stress history prior to the DMT insertion, 
and the soil stress strain relationship . The authors are not 
aware of any studies in soil mechanics that would substantiate 
such a premise. 

The deduced lateral earth pressure, using Equation (6), 
showed for the DMT data at the test site that the correspond
ing K0 values (Figure 11) are mostly higher than 1.5 , even 
within the soft clay layer (between 4 and 7 m). They corre
spond to OCRs of 10 and higher according to Mayne and 
Kulhawy (16), which are much higher than those from 
oedometer tests (see Figure 2) . 

Figure 12 presents a plot of <J,, 0 normalized with respect to 
the average of all the <J,.0 values in five directions and at the 
same depth . Except for a few rogue data points, there does 
not appear to be any noticeable anisotropy of lateral stresses. 
The results from the five DMT bore holes are extremely 
repeatable (see Figures 6 and 11). The repeatability is partly 
due to the large strains induced during the DMT insertion 
and compatible with the experience in pressuremeter tests 
where repeatable limit pressures (i .e., pressure readings at 
large strains) can be obtained regardless of the level of bore 
hole disturbance. The large strains might also have masked 
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the anisotropy in lateral earth pressures , if this indeed were 
the case. 

CONCLUDING REMARKS 

In the context of the study presented here, the following 
conclusions are drawn: 
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0 

Flt;UKE 12 Normalized uh0 from DMT tests. 

1. In a stiff soil deposit where uhy is significantly larger than 
uh0 , a passive measuring device such as the SBLC is likely to 
provide more reliable measurements of uh 0 than the SBPM. 

2. Disturbance does occur even when self-boring probes 
(e.g ., SBPM and SBLC) are used for lateral earth pressure 
measurements. However, the results should still be reason
able, provided the tests are properly performed . 

3. Despite the soil disturbance, a limited number of SBPM 
and SBLC tests showed consistent directions of the major 
lateral stress . However , more studies are required to sub
stantiate this finding. 

4. The soil element is likely to experience a complicated 
strain path before reaching the DMT diaphragm where P0 

and P1 readings are taken. By using DMT to estimate u 100 

based on an exponential relationship between K 0 and K
0 

may 
therefore be premature. 
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Measurement of Lateral Stress in Cohesive 
Soils by Full-Displacement In Situ Test 
Methods 

J.P. SULLY AND R. G. CAMPANELLA 

stimation of late ral stre s in cohesive soil · from in si1u tests by 
u ing full displacemenl probe i considered . The tress and pore 
pressure changes around a penem11ing probe arc briefly discu sed 
be fore comparisons between luia obtained from fo11r c!iffcrcnt 
test methods arc made. The application of cavity expan ion mod Is 
t the evaluation of late ral tre cone data in clay i evaluated 
with favorable re ·u(( . A normalized pore pres. ure paramete r is 
also intr duced as an illdicator of K,, cmnditions. 

Increased understanding of soil behavior has emphasized the 
importance of the contribution of in situ stress state . Numer
ical and analytical methods almost routinely incorporate stress
dependent behavior in some form. Recent developments in 
the interpretation of in situ test data suggest that horizontal 
stress is one of the major factors controlling soil response . 

Specific data related to in situ lateral stress conditions at a 
site may be obtained from either laboratory or field tests. A 
review of existing methods is given by Schmertmann (1), 
Jamiolkowski et al. (2) , and Tavenas and Leroueil (3) . 

The evaluation of K0 can be classified into four main groups 
according to type of mea urement made : 

1. Direct methods such as the self-boring pressuremeter 
and self-boring load cell: Direct methods suffer from the 
significant effects of even small degrees of disturbance, the 
consequences of which become more important as the soil 
stiffness increases. 

2. Semidirect or back-extrapolation methods: Develop
ments in this area include the stepped blade and wedge blade , 
both of which require additional calibration or correlations 
at specific sites prior to general use . 

3. Indirect methods used where a lateral stress value is 
measured during or after the installation of a full-displacement 
probe: In some cases, the dissipation of stress and pore pres
sure induced during insertion can be monitored with time so 
that an equilibrium value for the inserted probe can be obtained. 
Each of the full-displacement methods causes significant but 
repeatable disturbance to the soil. 

4. Empirical methods as an important source of information 
for evaluating the stress history of soil deposits: Existing cor
relations are generally derived from laboratory or calibration 
chamber data and modified to incorporate field parameters. 

University of British Columbia, Vancouver, B .C., Canada . 

The measurement of horizontal stress, using the self-boring 
pressuremeter, is generally considered to be the best available 
technique for evaluating in situ stress state and is often taken 
as the reference value for any comparative study. The results 
of disturbance during installation of the probe and quantifying 
its effect on the measured data are, however , problematical. 
Full-displacement probes were developed to produce condi
tions of repeatable degrees of disturbance. The problem is 
then one of relating the measured lateral stress to the pre
penetration value as opposed to one that evaluates whether 
or not the soil has been disturbed during probe installation . 
The idea of predicting small strain behavior from large strain 
parameters has been validated, at least in sands , by results of 
calibration chamber tests ( 4). 

In the ideal case for undrained penetration, the initial lat
eral stress a * measured by a full-displacement probe results 
from two components: 

(1) 

where ah
0 

is in situ total horizontal stress and ~a is the total 
stress increment caused hy insertion . 

In any particular soil , the magnitude of the total stress 
increment is made up of both stress and pore pressure com
ponents and can be expected to be related to the relative 
displacement caused during penetration of a probe. The ideal
ized change in the lateral stress coefficient (defined in terms 
of an effective stress ratio) for various in situ testing probes 
is shown schematically in Figure 1. Although this simplified 
representation is in tructive, it is, h w ver , complicated by 
the fact that for each test method the tress/strain paths are 
very different and that for even under undrained conditions 
no single curve exists. The relative positions of the tests are 
also very subjective and dependent on individual probe 
characteristics. 

A series of in situ tests has been performed to compare and 
evaluate lateral stresses measured by full-displacement probes 
as part of a research program being carried out at the Uni
versity of British Columbia (UBC). The results of tests per
formed at two research sites are presented here to illustrate 
the effects of equipment and soil characteristics on measured 
lateral stresses in cohesive soils . In addition, several empirical 
correlations that provide a rational basis for correlation be
tween large strain and small strain behavior are presented for 
evaluating K 0 • 
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FIGURE 1 Idealized change of lateral stress coefficient, K, 
caused by full displacement probes. 

DESCRIPTION OF TEST SITES 

The data presented here were obtained from two sites in the 
Lower Mainland of British Columbia, where fine-grained soils 
predominate. The soils are very similar in terms of geo
technical parameters (Table 1) but have undergone differing 
mechanisms of overconsolidation. 

Strong Pit is the site of an abandoned gravel pit. The well
graded surface sand and gravel in the area is fluvioglacial in 
origin and overlies marine and glaciomarine clayey silt. The 
stony clayey silt is of varying thickness with numerous dis
continuous lenses of dense fine sand . The present-day profile 
consists of 1 m of gravel underlain by up to 9 m of stony 
clayey silt. Approximately 15 m of gravel overburden have 
been removed at the location of the test site. 

The equilibrium pore pressure in the clay varies between 
0 and 10 kPa. Those conditions result from a perched water 
table at the base of the surface gravel layer and underdrainage 
at the base of the clay. The overconsolidation of soil can be 
explained solely on the basis of unloading owing to overburden 
removal (5). 

The second site is known as Lower 232 St. and is located 
in Langley, British Columbia. The Quaternary sequence con
sists of marine silt to clay deposited during the glacial regres-

TABLE 1 AVERAGE GEOTECHNICAL PARAMETERS 
FOR TEST SITES 

Index/Parameter Strong Pit Lower 232 St. 

Water content (%) 19 45 

<60 µm m 85 100 

<2 µm (%) 45 48 

LL 27 40 

PI 13 21 

Unit weight (kN/m1 ) 21 16 

St (FVT) 2-5 5-25 

OCR 2-10 1-6 

(Su/o~)nc o. 35* 0.26 

* C.a lculatod u ~i ng Su ( FVT ) /o~m where o~m is the maximum past pressure 
obto1nod !rom inc tomontal oodocnoter te!lts. 
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sion, which is occasionally interbedded with minor sand lay
ers. The slightly organic silts and clays are underlain by dense 
glaciomarine sands and gravels. The fine-grained soils have 
been subjected to leaching subsequent to deposition . The 
soils are overconsolidated at the surface primarily because 
of dessication and minor unloading and become normally 
consolidated at depth. 

EVALUATION OF LATERAL STRESS 
CONDITIONS AT TEST SITES 

For comparative purposes, the measurements of lateral stress 
with depth at each site, using the total stress cells, were taken 
as reference values. The total stress cells are 6 mm thick and 
are installed in a full displacement mode. Consequently, the 
lateral stress measured may be altered by this process, and 
some correction is required. Tedd and Charles (6) evaluated 
field data from several sites and suggested that the over-read 
of lateral stress approximates to one half the undrained shear 
strength at the depth of measurement for firm-to-stiff soils. 
On the basis of field data, they established an undrained shear 
strength limit of about 30 kPa below which no correction was 
recommended. 

The adjustment of measured stress to account for disturb
ance caused during the insertion of the spade cell is approx
imate and does not necessarily guarantee the correct result. 
Nevertheless, on the basis of 10 years' experience, Tedd et 
al. (7) suggest that the method approximates to the average 
over-read conditions in firm-to-stiff soils. 

FIELD TESTING PROGRAM 

The following equipment is available at UBC for measure
ment of horizontal stresses with full-displacement probes: 

•Push-in spade-shaped total stress cells (TSC), 
•Flat dilatometer (DMT), 
• Lateral stress piezocone (LSC), and 
• Seismic cone pressuremeter (SCPM) . 

Push-In Total Stress Cells 

In situ lateral stresses have been measured at both sites with 
push-in spade cells (8,9). The TSC that were used measure 
both the total pressure in the cell and the piezometric pressure 
and were supplied by Solinst Canada Ltd . Minor modifica
tions were made to the pressure cells by using the UBC Geo
technical Research Vehicle to facilitate insertion. In addition, 
platinum RTD temperature sensors were installed in several 
of the cells to allow temperature correction of field data. All 
the total stress cells were calibrated, before installation, in 
the laboratory for the effects of temperature and external 
applied pressure. Identical calibrations were performed again 
after the stress cells were recovered from the ground . 

All temperature corrections applied to the blade pressures 
were made with respect to the equilibrium temperature in the 
ground, as measured by the sensors placed on several of the 
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stress cells. At other depths, where blades were not instru
mented for temperature, the ground temperature was esti
mated by interpolation from the other temperature measure
ments. The complete calibration results, description of 
installation, and interpretation of data obtained at Strong Pit 
are detailed by Sully and Campanella (5). 

The total stress cell is a spade-shaped oil-filled chamber 
approximately 100 mm wide, 200 mm long, and 6 mm thick. 
The oil-filled chamber is formed by two welded plates and 
pressurized to maintain plate separation. The chamber is con
nected to a pneumatic transducer. The pore pressure filter is 
connected hydraulically to a second pneumatic transducer, 
which is also located in the cell housing. Total stress and pore 
pressure measurements were taken by using a portable pneu
matic readout box incorporating a Druck electronic trans
ducer with a 0- to 2000-kPa range. Accuracy of the transducer 
is ±0.05 percent FS (i.e., ± 1 kPa). The corrected lateral 
stress measurements obtained by using the spade cells were 
taken as the reference values for comparison with data from 
other in situ methods. 

For comparison with other measurements, the penetration 
lateral stress and pore pressure measured with the spade cells 
were taken as the values recorded immediately after the cell 
had been pushed to the required depth . 

Flat Dilatometer 

The flat DMT was first introduced by Marchetti (10,11) and 
since has become increasingly popular as an in situ testing 
tool. Interpretation of the test data is based on empirical 
correlations, using the measured parameters (thrust, P0 , P,, 
P2 ). Details of test procedures and interpretation methods are 
given by Marchetti (11) and Lutenegger (12). The penetration 
lateral stress is taken to be equal to the DMT lift-off pressure 
(P0) , and the P2 reading is taken as the penetration pore 
pressure. 

Lateral Stress Piezocone 

The LSC developed at UBC consists of a standard UBC 15 
cm2 piezocone unit followed by a lateral stress module. The 
lateral stress module is located 0.69 m behind the cone tip 
and consists of a friction sleeve instrumented to measure hoop 
stresses in an under-reamed section of the sleeve. Pore pres
sure measurements are also performed at the LS sleeve loca
tion. Lateral stress measurements are made both during cone 
penetration and during the dissipation phase when penetra
tion is halted. The total lateral stress and the pore pressure 
measured during penetration are considered here. Further 
details of the LSC and its calibration are given by Campanella 
et al. in another paper in this Record. 

Seismk Cone Pressuremeter 

The concept of the UBC SCPM has been described by Cam
panella and Robertson (13). Details of the test procedures 
and interpretation methods are given by Hers (14) and Howie 
(15). During penetration, the SCPM allows simultaneous 
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measurement of cone resistance, sleeve friction, pore pressure 
at two locations, slope , and temperature. During pauses in 
the penetration, the shear wave velocity can be evaluated by 
using the downhole technique and a pressuremeter expansion 
curve obtained . The PM lift-off pressure is used for compar
ison with stresses measured by the other in situ probes. Pore 
pressure measurement near the PM section is not possible 
with the UBC SCPM. 

STRESS AND PORE PRESSURE AROUND FULL 
DISPLACEMENT PROBES 

Disturbance as a result of the installation of full-displacement 
probes causes significant changes in the in situ stress state of 
the soil. Those changes occur for both flat plate and cylindrical 
probes, although the relative magnitude for each type depends 
on many factors. 

Stress Measurements 

Results obtained by Azzouz and Morrison (16) for lightly 
overconsolidated Boston Blue Clay indicate that the total 
stress on a probe immediately after halting penetration is 
dominated by the pore pressure generated during full dis
placement installation . Thereafter, the effective stress reduces 
during an initial relaxation period before finally climbing to 
approach a K 0 condition as the excess pore pressure dissipates. 
For tests performed by the same authors in Lower Empire 
Clay, the final effective stress after complete dissipation of 
the generated excess pore pressure was considerably larger 
than the initial condition prior to insertion of the probe. Bos
ton Blue Clay (OCR = 1.2) is a sensitive clay (S, = 7), 
whereas Lower Empire Clay (OCR - 1.5) is insensitive. This 
confirms the importance of soil characteristics on the stress 
induced during probe insertion because the same probe was 
used for the data presented. 

Stress measurements around flat total stress cells in soft
to-stiff clays give similar results to those presented by Azzouz 
and Morrison (16) for a cylindrical piezo-lateral stress cell. 

Pore Pressure Measurements 

Most of the pore pressure comparisons have been performed 
with data from piezocone (CPTU) testing . It has been dem
onstrated that in a particular deposit the measured pore pres
sure is dependent on the location and geometry of the pore 
pressure sensor (17). Evaluation of pore pressure during cone 
penetration suggests that the measured pore pressure is max
imum on the cone face. A large gradient of pore pressure 
(and stress) exists at the cone shoulder. Behind the tip, the 
dynamic pore pressure during penetration may be either pos
itive or negative, depending on the soil characteristics. At 
some distance behind the tip and along the shaft, Lhe µ01e 
pressure attains a reasonably constant value. Those changes 
can be related qualitatively to changes in normal and shear 
stresses as the soil moves around the cone (18). Numerical 
analyses, using simplified soil models, confirm the results 
obtained from field tests (19,20). 
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In conclusion, stress and pore pressure changes around a 
penetrating probe are very complex. Furthermore, the distri
bution and dissipation of excess pressures will also be a func
tion of probe geometry and soil characteristics during pauses 
in penetration. 

COMPARISON OF PENETRATION PRESSURES 

This paper only evaluates the· initial stresses and pore pres
sures measured during penetration at those sites. No consid
eration is given to the dissipation phase and associated stress 
and pore pressure changes. 

The stresses recorded by the four methods described pre
viously (TSC, DMT, SCPM, LS-CPTU) for the Lower 232 
St. site are presented on Figure 2, where the relative mag
nitude of lateral stress (LS) obtained is 

LSDMT > LSLS-CPTU > LSscPM = LSTSc (2) 

The dominance of the generated excess pore pressure in the 
essentially normally consolidated clay is illustrated by com
parison with Figure 3. Only pore pressures for the DMT, TSC, 
and LS-CPTU are shown. The SCPM does not measure pore 
pressure at the location of the pressuremeter module. In the 
near-surface overconsolidated soils, the pore-pressure response 
is relatively small and the initial effective stress level may 
rapidly decrease to an expected K 0 condition. This may result 
in part because of partial saturation above or close to the 
water table . The difference between the total stresses and 
pore pressures gives very low initial K values in the normally 
consolidated horizon. This is generally true of all the full
displacement probes installed. 
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The data presented in Figures 4 and S for the overconsol
idated silty clay at Strong Pit give total stress measurements 
approximately SO percent higher than the generated pore pres
sure, even though the hierarchy given in Equation 2 is main
tained (no SCPM data exist for this site at present). On the 
basis of a comparison of the stress and pore pressure response 
at those two sites of differing overconsolidation states, it would 
appear that the ratio between total stresses and pore pressures 
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measured by full-displacement probes may be indicative of 
the stress history of the deposit. 

Also presented on Figures 2 and 4 are the cone resistance 
profiles. Although q, is more a limit rather than lift-off 
pressure, its dependence on horizontal effective stress has 
been demonstrated (in granular soils) and, as such , can be 
considered as a good indicator of horizontal stress changes . 

The initial decrease and subsequent increase in q, at Lower 
232 St. suggests the presence of an overconsolidated surficial 
crust (with higher Ko), which becomes normally consolidated 
at about 5 m depth (Figure 2) . Below 5 m, q, increases linearly 
with depth. With the possible exception of the TSC data, none 
of the direct lateral stress measurements show the same pro
nounced near-surface changes as does q,. The data from the 
LS-CPTU give rise to increased lateral effective stresses near 
the surface, because the pore pressures are proportionally 
lower than the total stress . This may be a consequence 6f 
partial saturation of the soils above the water table. The ratio 
of the two becomes reasonably constant at about 5 m. Finally, 
the disturbance caused by the SCPM and DMT appears to 
mask the near-surface feature, even though at depth the SCPM 
and TSC pressures are in remarkable agreement. 

This latter effect, with respect to the cone pressuremeter, 
may result from the unloading caused by the slightly under
sized pressuremeter section (15) or it may indicate that similar 
pore pressure trends to those measured with the LS-CPTU 
are in existence <luring SCPM penetration. 

It should be possible to estimate a pore pressure value 
corresponding to the location of the pressuremeter module 
considering the pore pressure distribution around a pene
trating cone and the absence of large gradients along the shaft 
away from the tip. However, the pore pressure measured at 
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the lateral stress module (0.69 m behind tip) is larger than 
the total stresses at the PM location (1.31 m behind tip). Thus, 
it would appear that the true pore pressure that would be 
measured at the PM location, if a sensor were present , would 
also be reduced owing to the unloading effect. This empha
sizes the importance of pore-pressure measurement in the 
vicinity of the pressuremeter section if rational interpretation 
of measured total stresses is to be attempted. The fact that 
the PM section is slightly undersized does not preclude at 
least an empirical interpretation of the measured stresses, that 
is , provided that the corresponding pore pressures are also 
known. 

The cone bearing is reasonably uniform at Strong Pit with 
depth suggesting a similar trend in horizontal stress (Figure 
4). The trends in both initial stress and pore pressure mea
sured by the four methods also give data similar to that from 
the CPTU. 

EV ALU A TED K
0 

CONDITIONS FROM 
FULL-DISPLACEMENT PROBES 

The variation of the lateral stress coefficient is defined by 

where 

K = KoMT> using the Marchetti (11) DMT correction , 
K = KTsc, using corrected TSC pressures (6), and 

(3) 

K = KLs, using LS-CPTU data interpreted by using a cylin
drical cavity expansion solution. 

The variation has been evaluated from full-displacement probe 
measurements. 

The variation of those coefficients is presented in Figure 6 
for Lower 232 St. Also presented is the variation of K1.b , 
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obtained by using the correlation of Brooker and Ireland (21), 
which is based on an empirical relationship between PI and 
(K0 ),,c from laboratory tests and adjusted for the effects of 
OCR (22). The TSC data presented have not been corrected 
for over-read owing to the low undrained shear strength of 
the soil. A good degree of similarity exists between the KTsc, 
K1ab> and KLs values. Assuming the KTsc value provides the 
best estimate of the in situ lateral stress coefficient, the KDMT 
value overestimates the true K 0 at this site. 

The LS-CPTU data have been interpreted by assuming that 
the stress measured by the LS cone corresponds to the cylin
drical cavity limit pressure . The total horizontal stress rr1'° in 
an elastic perfectly plastic soil for the infinite expansion of a 
cavity is given by Gibson and Anderson (23): 

(4) 

where 

PL assumed to be equivalent to a Ls measured by LS 
module, 

Su the undrained shear strength obtained by using the 
field vane, 

1, = the rigidity index of the soil (/, = GIS,,), and 
G = shear modulus obtained in this case from pressure

meter data. 

Initially, attempts were made to use I, defined in terms of 
Gmax (from seismic cone penetration test), but this gave rise 
to excessive stress increments in Equation 4. /,obtained from 
the Houlsby and Withers (24) unloading analysis gave data 
better suited to this type of analysis (14) and was 
subsequently used to obtain the K0 data in Figure 6. 
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Data obtained at Strong Pit is presented in Figure 7. The 
DMT profile again overestimates the K0 value if KTsc is taken 
as the reference value . 

To date, no SCPM data have been obtained at this site, so 
it was not possible to evaluate the rigidity index ( G/S.,)Hw 
from the Houlsby and Withers method . However, evaluation 
of the Lower 232 St. data suggests that 

( Gm.JS.,)SCPM = 
9

_ 10 
(G/S,,)Hw 

(5) 

where (Gm • .fS.,)5cpM is the rigidity index calculated by using 
Gmax from seismic cone penetration test data. 

To interpret the LS-CPTU data as before , this relationship 
has been employed to evaluate I, for use in Equation 4. The 
results are also indicated on Figure 7. The agreement between 
KLs and KTsc is remarkably good. Those data would suggest 
that interpretation of stresses measured by full displacement 
probes may be possible by using (cylindrical) cavity expansion 
theory. Theoretical studies performed by Teh (20) lead to the 
same conclusion and indicate that the solution improves for 
locations away from the shoulder area of the cone. 

Calculated KLAB values are also presented in Figure 7 and 
would appear to provide a lower bound to the range of 
measured lateral stress coefficients. 

EMPIRICAL CORRELA TIO NS TO OBTAIN K0 

Various empirical correlations exist for evaluating K0 coef
ficients in cohesive soils. Probably the most widely used are 
those suggested by Brooker and Ireland (21) and Mayne and 
Kulhawy (22). Those methods estimate the overconsolidated 
K 0 value from a relationship between PI, (K0 ),,0 and OCR, 
usually based on laboratory-derived correlations (K,ab in Fig
ures 6 and 7). Reasonable estimates of (K0 ),,c can be obtained 
by using index properties of the soil. Stress history is the main 
factor to be evaluated. Recently, various methods have been 
proposed for evaluating stress history from CPTU (25,18). 
Undrained shear strength data can also provide good esti
mates of OCR (26,27) . Once the stress history (OCR) and 
(K0 ),,c have been ascertained,the empirical relationship 
described can be employed to evaluate (K0 ) 0 c. 

The method proposed by Sully et al. (18) relates the OCR 
of the soil to a pore pressure difference parameter (PPD) 
defined as 

PPD = (6) 

where 

u, the penetration pore pressure measured on the face 
of the cone , 

u2 the pore pressure measured behind the cone tip, and 
u0 = the equilibrium in situ pore pressure. 

measured pore pressures are a function of both soil (PI, G, 
S.,, Ko> OCR, S,) and cone characteristics. 

The pore pressure gradient around the cone tip is related 
to u1 - u2 and, thus , also to q,; that is, 

(7) 
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(8) 

Because the cone resistance is a function of the in situ 
horizontal effective stress, as was discussed earlier, it follows 
that 

(9) 

Therefore, the normalized pore pressure parameter (PPSV) 
can be defined as 

(10) 

The PPSV-K0 data for Strong Pit is presented in Figure 8. 
The PPSV parameter appears to map directly onto the best 
fit variation of K 0 • 

The same data for Lower 232 St. are presented in Figure 
9. For this site the correlation is not 1-1 (PPSV = 2 K0 ), but 
similar depth trends are shown. Data from other clays are 
being evaluated to determine other factors that affect the 
PPSV-K0 correlation (Figure 10). 

CONCLUSIONS 

The evaluation of stresses and pore pressures induced during 
full displacement penetration has shown that measurements 
at any particular site are dependent on soil and probe char
acteristics. For flat plate penetrometers, the excess pressures 
appear to correlate well with the degree of displacement. 
However, lm:aliun of the stress or pore-pressure sensor and 
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its geometry appear to have an important influence. This is 
confirmed by results obtained with the stepped blade. For 
successive increases in blade thickness the zone of unloading 
around the step shoulder extends farther back because of the 
progressively higher stress levels involved. This causes dis
crepancies between the measured step stresses and conse
quently problems in the extrapolation of uh 0 arise. The prob
lem may possibly be resolved by maintaining a constant ratio 
between blade thickness and distance of the sensor behind 
the shoulder. 
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Where cylindrical probes are used, it appears that, provided 
the lateral stress and pore pressure sensors are at least 12D 
behind the cone shoulder (13), stress and pore pressure mea
surements are comparable provided no local unloading/ 
reloading occurs owing to changes in section geometry near 
the sensors. The application of cylindrical cavity expansion 
theory to interpret stresses measured at remote locations on 
the shaft may provide rational estimates of the in situ pre
and postpenetration stress conditions. Further studies are being 
conducted to verify this finding. 

On a more general note, as was discussed by previous 
researchers, the definition of K 0 is problematical especially 
for near-surface data, where small errors in either a;, or a:. 
can cause large changes in K

0
• Similar problems were encoun

tered when defining pore pressure parameters from CPTU 
(5). In that case, a pore pressure difference parameter was 
found to be more convenient. To correlate the results of 
numerical analyses for differing stress ratios, Houlsby and Teh 
(28) define a horizontal stress factor in clay, ~, based on a 
normalized stress difference: 

~ = (av - a,,) 
2 S., 

(11) 

The adoption of a similar expression for in situ data may 
provide more consistent parameter correlations for soils with 
near-surface overconsolidated crusts. 
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Measuring and Predicting Lateral Earth 
Pressures in Slopes in Soft Clays in 
Sweden 

KARIN RANKKA 

Results of a study of the lateral stress distribu1ion in slopes in 
soft clays is reported. Many slopes in soft clays in the southwestern 
part of Sweden have a very low factor of safety against failure. 
Valuable information has been collected over the past years about 
those slopes, but, as yet , very little is known about the lateral 
stress distribution and the development of failures. The lateral 
stress distribution in a slope varies from top to toe of the slope. 
A better understanding of the behavior of slopes can be obtained 
with a better knowledge or those stresses and h w they change 
with time and the factor of safety. When a slope is close to failure, 
the resulting deformation yield higher lateral tr s es in the pas-
ive zone and I w r in the active zone. To wke this Cully into 

account in slope mode ling. fu ll -scale field tests are imperative. 
In a research project at the halmer Universit of Technology, 
mea urement f lateral stres e with Glotzl cells in natural clay 
slopes wa · started at four sires and will continue over a period 
c;>f m lea t 2 year . The results obrnined will be compared with 
the results obtained by analytical and numerical methods to find 
out whether or not those methods can serve as a reliable means 
for the prediction of the lateral strc s distributi n in the slope 
studied. Up l now, only Janbu's generalized pr cedure has been 
utilized . For the slopes investigated, this method has been found 
to give lateral stresses quite close to those measured. 

At Chalmers University of Technology, Goteborg , Sweden, 
a project named " Slope Stability Analysis Accounting for 
Stresses, Deformations, and Statistical Variability in Geo
technical Parameters" was started in spring 1988, and it con
tinues. The project is financed by the Swedish Board of Build
ing Research (BFR). So far , the project has focused mainly 
on lateral stresses in clay slopes in the area around Goteborg. 

Many areas in the western part of Sweden consist of soft 
marine clays. On top of the glacial clays were deposited the 
more finely grained postglacial clays. The soft clays along 
valley sides often contain layers of sand and silt. 

The water content is generally high and often higher than 
the liquid limit. The clays have a low hydraulic conductivity 
owing to the high clay content and also to a low preconsoli
dation pressure, which implies low undrained shear strength. 
An undrained shear strength just below the dry crust as low 
as 10 to 15 kPa is common, and there is usually an increase 
of shear strength with depth of 1 to 2 kPa/m. Clays with 
extremely high sensitivity (> 400) exist, but, typically , the 
sensitivity ranges from 10 to 20. 

Landslides occur in those soft clays every year. The Gota 
River valley and its side valleys have been subjected to many 

Department of Geotechnical Engineering, Chalmers University of 
Technology, S-412 96 Goteborg, Sweden. 

slides in modern times (e.g. , G6teborg harbor in 1916, Surte 
in 1950, Gota in 1957, and Tuve in 1977). 

Very few measurements of lateral stresses in natural clay 
slopes have been carried out through the years. The intention 
of this project is to measure lateral stresses in at least five 
slopes in different conditions and to compare the measure
ments with results obtained from theoretical analyses. So far, 
measurements have been carried out (and are still going on) 
in slopes with the following conditions: 

• A steep slope in a stiff glacial clay; 
• A slope in mostly postglacial clay with a very low factor 

of safety, which has been stabilized by soil filling in the passive 
zone (measurements have taken place both before and after 
stabilization); 

• A slope in postglacial clay with a low factor of safety that 
is to be stabilized by removing masses from the active zone; 
and 

• A slope in postglacial clay in an area where many small 
slides have taken place. 

The ratio of the effective horizontal and effective vertical 
stress , cr;,1o·: has been determined for all sites . For in situ 
conditions with no lateral strain (horizontal ground surface) 
the ratio is usually called K

0
• For those slopes with a low 

factor of safety the ratio cr~/cr~ is designated K. 
Theoretical analysis of predicted lateral stress distribution 

for the slopes has been done by using Janbu's generalized 
method and will be done by using a finite-difference method 
later in this paper. 

When comparing predicted and measured horizontal stresses, 
the following classification has been used: A difference of less 
than 10 percent is classified as very good, 10 to 20 percent as 
good , 20 to 30 percent as fair , and , if the difference is greater 
than 30 percent, it is classified as poor (unacceptable). 

TYPE OF EARTH PRESSURE CELLS 

A pneumatic system was chosen to measure stress cell response 
in this project (Figure 1). A spade-shaped thin Glotzl cell was 
used . The cell, 100 mm x 200 mm x 5 mm, consists of two 
parallel thin steel sheets welded together and is filled with 
oil. The oil is in contact with a sensitive membrane that shuts 
a counter-pressure lead. By slowly increasing the air pressure 
in the counter-pressure lead, the membrane will open a! a 
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FIGURE 1 Gliitzl earth pressure cell. 

pressure that slightly exceeds the oil pressure in the cell. This 
opening pressure can be read on a manometer. 

The Gkitzl cells have shown to give reasonable lateral stresses 
in other projects, both at Chalmers and at the Royal Institute 
of Technology in Stockholm. Larsson (1) carried out a com
prehensive series of tests both in the field and in the laboratory 
to determine the lateral stresses in Backebol clay. The tests 
showed good agreement between different kinds of field test 
methods; that is, G16tzl earth pressure cells, the Menard pres
suremeter, and a self-boring pressuremeter (Cambridge type). 
Schmidt's empirical relation, K~c = 1 - 1.2 sin <P', was used 
to calculate the in situ horizontal stresses. The calculated 
stresses were close to those measured (Figure 2). 

A method by which in situ lateral load tests in soft clay can 
be carried out was developed by Olsson (2). The system was 
used to test earth pressure cells in the field (Glotzl type). Two 
large, soft flat jacks were pushed down into the soil and inflated 
by air to the desired pressure. Gl6tzl earth pressure cells were 
installed to measure the imposed pressure. The tests showed 
that the cells give very good measurements of the lateral 
stresses in the soil and that about 5 days are required after 
the installation of the cells before the excess pressures have 
dissipated. The tests also showed that the cells respond very 
quickly to changes in lateral stresses. 

Standard dilatometer (DMT) tests have also been carried 
out in some of the areas studied. The DMT test is an in situ 
method used to determine strength and deformation prop
erties by empirical correlations. The coefficient of lateral earth 
pressure can also be determined (3). 

INSTALLATION TECHNIQUE 

A good working technique for pushing cells into the ground 
was developed at the Royal Institute of Technology, Stock
holm, in the mid 1970s (4). The technique has been modified 
to work even better and to protect the cells during installation. 
The cell is protected during installation by a steel cylinder 
(h = 500 mm, <P = 120 mm) connected to piston sampler 
rods (Figure 3). About 50 cm above the intended measuring 
level, the cell is pushed out of the protection cylinder by 
sounding rods inside the piston sampler rods. The cylinder 
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FIGURE 2 Comparison of measured lateral in situ stresses 
with lateral stresses according to Schmidt's relation [after 
Larsson (1)]. 

FIGURE 3 Gliitzl earth pressure cell and instrumentation tool. 

and the rods are then withdrawn. Wires are connected to the 
cells to make it possible to recover the cells after the measure
ment period. 

By using this method, earth pressure cells can be pushed 
to great depth with little risk of damage. The dry crust has 
to be predrilled before pushing the cells into the ground. 
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JANBU'S GENERALIZED PROCEDURE OF 
SLICES FOR PREDICTION OF HORIZONTAL 
STRESS DISTRIBUTION 

There are many ways of solving slope stability problems for 
shear surfaces of any shape. The differences are to be found 
in the assumptions regarding interslice forces. 

Forces acting on the boundaries of a single slice in Janbu's 
generalized procedure of slices (5) are assumed as indicated 
in Figure 4. By assuming the position of the line of thrust for 
the total slice force E for the selected shear surface , the aver
age factor of safety and the four unknowns for each slice, E, 
T, a, and T, can be determined by an iterative procedure . All 
the slopes in this project have been investigated under undrained 
conditions, and the line of thrust has been placed somewhat 
below the lower third point in the active zone and somewhat 
above it in the passive zone. 

A computer program, originally made by Grande (6), has 
been used for determination of the interslice stress distribution 
with Janbu's method for all four test sites. 

BACKEBOL TEST AREA 

The Backebol test area, 10 km north of Goteborg, is an almost 
horizontal field next to the Gota River. The clay is known to 
be exceptionally homogenous and has been subjected to sev
eral investigations. The soil profile comprises a 1-m thick dry 
crust underlain by a slightly organic gray clay. The undrained 
shear strength is around 15 kPa. 
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FIGURE 4 Forces acting on the boundaries of a single slice in 
Janbu's generalized procedure of slices [after Janbu (5)]. 

TRANSPORTATION RESEARCH RECORD 1278 

Measurements of in situ lateral earth pressure have been 
made with Glotzl earth pressure cells (J). DMT tests have 
been carried out (7) in the area. The K 0 values are presented 
in Figure 5. The values decrease with depth from 0.8 close to 
the ground surface down to 0.6 at 10 m of depth. The agree
ment between earth pressure cells and DMT is very good at 
5 and 7 m below the ground surface, but an unacceptable 
difference is found at 3 m of depth. 

ALAFORS TEST SITE 

The Alafors test site is situated about 25 km northeast of 
Goteborg and is a part of a side valley, the Skold valley, to 
the Gota River valley. The investigated area of the valley is 
narrow, just about 130 m wide, and the difference in altitude 
between the slope crest and the Skold stream is 12 m. A slide 
occurred just 30 m to the east of the test site in 1901. 

The soil in the area consists of soft clay, which is about 25 
m thick in the center of the valley. The undrained shear strength 
is 10 to 15 kPa just below the dry crust and then increases 
with depth (1 kPa/m) . The dry crust is 1 to 2 m thick . Thin 
silt layers (not continuous ones) and quick clay are found in 
some places. Noncohesive soil of different thickness underlies 
the clay (Figures 6 and 8). 
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FIGURE 5 K values determined by earth pressure cells 
and DMT at the Biickebol test site. 
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FIGURE 6 Profile with geotechnical parameters, shear surface, and line of thrust used for the Alafors test 
site before stabilization. 

Stability calculations in the late 1970s indicated that the 
factor of safety of the slope was very low, Fe = 1.07. The 
slope was stabilized through a 2-m thick clay fill in the passive 
zone, and the stream was relocated in a culvert (Figure 7). 

Predicted Lateral Earth Pressures 

Predictions of lateral earth pressures at the Alafors test site 
have been done by assuming undrained conditions both before 
and after the stabilization. The same, noncircular, 16-m-deep 

shear surfaces were used in both analyses . The shear surfaces 
and lines of thrust are presented in Figures 6 and 7. The 
calculations gave reasonable values of the lateral earth pres
sures and K values. In the passive zone the lateral earth pres
sures were higher in the stabilized slope than in the original 
slope (Tables 1 and 2). 

The lateral pressures in the active zone at the shear surface 
were also higher in the stabilized than in the original, which 
was not expected. Accordingly, the K 0 values were calculated 
to be higher throughout the slope after the stabilization (Tables 
7 and 8). 

FIGURE 7 Profile with geotechnical parameters, shear surface, and line of thrust used for the Alafors test 
site after stabilization. 



176 

TABLE 1 PREDICTED LATERAL EARTH PRESSURES 
AND K VALUES AT THE ALAFORS TEST SITE BEFORE 
STABILIZATION 

Slice Lateral pressure Lateral pressure K -values 
lnter- at the ground level at the shear surface at the 
section .- (kPa) 

ho 
r:r (k a) shear surface 

ha 

1-2 -10. 9 33. 3 0.11 

2-3 -26. s 97. 7 0.40 

3-4 -30 . 9 171. 2 0. 96 

4-S -16. 2 194. 7 0. 78 

S-6 -0. 2 206. 9 0.81 

6-7 -0.2 216. 7 0. 89 

7-8 23. 7 18S . 8 0. 68 

8-9 2S. 2 176. 2 0 . 7S 

9-10 27. 3 148. 6 0 . 83 

10-11 16 . 0 11]. 6 0. 78 

11-12 41. 7 SS. 8 0. 77 

TABLE 2 PREDICTED LATERAL EARTH PRESSURES 
AND K VALUES AT THE ALAFORS TEST SITE AFTER 
ST A Bl LIZA TTnN 

Sl lee Lateral pressure Lateral pressure K -values 
inter- at the ground level at the shear surface at the 
section er (kPa) •• u (kPa) shear surface 

h• 

1-2 -13. 4 49 . 0 o. 28 

2-3 -30. 9 114. 0 0.67 

3-4 -3S. 4 194. 2 1. 26 

4-S -18 . 4 220 . 2 !. 06 

S-6 0 242 . 4 !. 19 

6-7 6.4 241. 2 !. 10 

7-8 21. 4 219. 6 o. 87 

8-9 39. 3 210 . 1 I. 01 

9-10 36 . 0 179. 6 o. 91 

10-11 34. 3 148. 3 o. 9S 

11-12 23, 8 118. 8 1.07 

12-13 37 . 4 6S . 2 a. so 

Comparison Between Predicted and M!!asured Lateral 
Earth Pressures 

Measurements with earth pressure cells have been carried out 
both before and 10 years after the stabilization. Before the 
stabilization, cells were installed in section A al 6, 9, and 12 
m depth; in section B at 8, 11, and 14 m; and in section Cat 
5, 8, and 11 m depth (see Figure 6) . After the stabilization, 
cells were installed in section D at 7 .4 and 13.4 m depth, in 
section Eat 8 and 14 m, and in section Fat 5.5 m depth (see 
Figure 7). The measurements indicated the same results as 
the prediction with increasing pressures and K values from 
the crest to the toe of the slope. However, the difference 
between the pressures in the passive zone before and after 
the stabilization was not as high as was predicted (Tables 3 
and 4). 

The agreement between the measured and predicted pres
sures and K values was good in the case of the original slope 
but not as good (some unacceptable values) in the case of the 
stabilized slope (Tables 3 and 4). 
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TABLE 3 COMPARISON BETWEEN MEASURED AND 
PREDICTED LATERAL EARTH PRESSURES AND K 
VALUES AT THE ALAFORS TEST SITE BEFORE 
STABILIZATION 

Section Depth Total lateral K -values 
z (m) earth pressure 

Mea- Pre- !J.rr Mea- Pre- !J.K 
sured dieted (%) sured dieted (%) 
(kPa) (kPa) 

A 6 91 89 2 0.95 0.89 6 

124 124 0 0.73 0 . 73 6 

12 175 160 9 0.86 0 . 63 27 

B 104 119 14 0.61 0.88 44 

11 139 162 16 0.55 0.87 58 

14 175 205 17 0.51 0.84 65 

c 5 56 46 18 0.50 0.30 40 

70 89 14 0 .18 0.45 150 

11 132 0.55 

TABLE 4 COMPARISON BETWEEN MEASURED AND 
PREDICTED LATERAL EARTH PRESSURES AND K 
VALUES AT THE ALAFORS TEST 

Section Depth Total lateral K -values 
z (m) earth pressure 

Mea- Pre- !J.rr Mea- Pre- !J.K 
sured dieted (%) sured dieted (%) 
(kPa) (kPa) 

D 7.4 103 124 20 0.70 l. 04 49 

13.4 181 198 9 0.65 0.84 29 

E 8.0 99 142 43 o.sa l. 26 117 

14. 0 171 246 44 0.50 l. 24 148 

F 5.5 74 79 7 0.67 0. 79 18 

LARJEAN TEST SITE 

The Uirjeiin test site in the Larje stream valley is situated 10 
km northeast of Goteborg. The Larje stream has cut its way 
down 15 m into the clay layers and has formed many steep 
slopes (some with an inclination as high as 1-2) and a 
meandering stream line. Many small slides occur in this area 
every year. 

The investigated slope has an altitude between the slope 
crest and the slope toe of 14 m and an inclination of 30 to 35 
degrees in its steepest part. A slide occurred in the slope early 
in 1988, and the investigations and measurements have been 
made only after the slide. 

The soil consists of clay overlying noncohesive soil on the 
rock. The rock surface is found 31 m below the ground level 
at the slope crest nnd is almost lateral. The undrained shear 
strength is 40 kPa right below the dry crust and increases with 
depth, 2.5 kPa/m. The dry crust is 5 m thick at the top of the 
slope and 2 m thick at the toe (Figure 8). The pore pressure 
is hydrostatic with a zero value at the lower part of the dry 
crust. 
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FIGURE 8 Profile with geotechnical parameters for the Liirjean test site. 

Predicted Lateral Earth Pressures 

For the Uirjean test site two different, noncircular, shear 
surfaces were assumed in an attempt to predict the stress 
distribution. A 14-m-deep shear surface in the upper part and 
a 10-m-deep shear surface in the lower part of the slope were 
applied. The two shear surfaces were chosen to obtain stresses 
at the places where pressure cells had been installed. The 
calculations indicate very high lateral pressures and K values 
in the passive zone. K values as high as 2. 7 to 3.1 were found 
(Tables 5 and 6). 

Comparison Between Predicted and Measured Lateral 
Earth Pressures 

Measurements of lateral earth pressures have been performed 
with two earth pressure cells. The cell was installed at a depth 
of 7.25 min section A and at a depth of 12 min section B 
(Figures 9 and 10). The agreement between the measured and 

TABLE 5 PREDICTED LATERAL EARTH PRESSURES 
AND K VALUES AT THE LARJEAN TEST SITE IN THE 
UPPER PART OF THE SLOPE SITE AFTER 
STABILIZATION 

Sllce Lateral pressure 
inter- at the ground level 
sect ion rr (kPa) •• 

1-2 -3. 8 

2-3 -12 . 0 

3-4 -29. 4 

4-5 -24 . 3 

5-6 13. 0 

6-7 16. 7 

7-8 29 . s 

8-9 29 . 8 

9-10 30. 0 

Lateral pressure 
at the shear surface 
u (kPa) .. 

13. 4 

199. 2 

250. 6 

343. 9 

357 . 4 

316 . 7 

281. 1 

227 . 2 

163. 6 

K -values 
at the 
shear surface 

0. 51 

o . 60 

o. 76 

I. 56 

2 . 86 

z. 01 

Z. 13 

I. 81 

1. 84 

TABLE 6 PREDICTED LATERAL EARTH PRESSURE 
AND K VALUES AT THE LARJEAN TEST SITE IN THE 
LOWER PART OF THE SLOPE 

Slice Lateral pressure Lateral pressure K -values 
inter- at the ground level at the shear surface at the 
section er (kPa) •• <r (kPa) shear surface .. 

1-2 -s. 9 33 8 a . 68 

2-3 -19. 8 99. a a . 84 

3-4 -16 . 8 184 . 4 2. OS 

4-5 -27 . s 260 , 3 3. 02 

5-6 -28. 9 262 . 3 2. 13 

6-7 -18 . 1 288. 9 2 . 47 

7-8 -a. 2 240 . 4 1. 60 

8-9 42. 9 213. 9 2. 41 

9-10 38. 3 183. 1 1. 98 

10-11 40. 8 139. a 2. 19 

predicted earth pressures and K values was found to be very 
good (Table 7). 

Two DMT soundings were done with the blade perpendic
ular to the slope in section Dl and D2 (Figures 9 and 10). 
Those tests also showed high K values but not as high as those 
obtained by the pressure cells. The results from the DMT 

02 
B 
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FIGURE 9 Shear surface and line of thrust used for the 
Larjean test site in the upper part of the slope. 
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FIGURE 10 Shear surface and line of thrust used for the Liirjean test site in the lower part of the slope. 

TABLE 7 COMPARISON BETWEEN MEASURED ANO 
PREDICTED LATERAL EARTH PRESSURE AND K 
VALUES AT THE LARJEAN TEST SITE, MEASUREMENTS 
WITH EARTH PRESSURE CELLS 

Section Depth Total lateral K -values 
z(m) earth pressure 

Mea- Pre- il<r Mea- Pre- LIK 
sured dieted (%) sured dieted (%) 
(kPa) (kPa) 

A 7.25 214 202 5 2.78 J.01 8 

B 12.0 140 146 4 0.56 0.64 14 

soundings are shown in Table 8. The difference between the 
DMT results and those obtained by the earth pressure cells 
was unacceptable. 

KVIBERG TEST SITE 

The Kviberg test site (see Figure 11) is situated in the eastern 
part of Goteborg. The area consists of a ravine where the 
Utby stream meanders its way down in a north-south direc
tion. The slope inclination within the area varies between 1-
5 and 1-10 except next to the stream where it can be higher. 
The soil consists of 2 to 3 m of dry crust and soft clay underlain 
by a silty clay with silt and sand layers. The depth to rock 

A 

----... --

TABLE 8 COMPARISON BETWEEN K VALUES 
MEASURED WITH DMT AND EARTH PRESSURE CELLS 
AT THE LARJEAN TEST SITE 

Section Depth K -values 
z(m) 

Dilate- Earth pres- LIK 
meter sure cell (%) 

Dl , A 7.25 1. 5 2.78 85 

D2 12.0 0.8 0.56 JO 

was not investigated but is greater than 20 m at the crest and 
more than 15 mat the toe of the slope. The undrained shear 
strength varies between 20 and 30 kPa and increases somewhat 
with depth. The groundwater level is 1.5 to 2.0 m below the 
ground level in the upper part of the slope. At the toe of the 
slope the groundwater is artesian. The sensitivity is rather low 
(20 to 30). The water level in the Utby stream varies a great 
deal and causes erosion and many small slides. 

Predicted Lateral Earth Pressures 

Prediction of the lateral earth pressure distribution at the 
Kviberg test site was based on the assumption of a noncircular 
12-m-deep shear surface (Figure 11). The calculations showed 
increasing lateral earth pressures and K values from the crest 
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FIGURE 11 Proflle with geotechnical parameters, shear surface, and line of thrust used for the Kviberg test site. 
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to the toe of the slope (Table 9). The differences in K values 
between the active and passive zone were of the same order 
as at the Alafors test site. 

Comparison Between Predicted and Measured Lateral 
Earth Pressures 

Seven earth pressure cells were installed at three sections of 
the slope: at the toe, at the crest, and in the middle (Figure 
11). The cells were installed at depths of 5, 7.5, and 10 m in 
sections A and C and at depths of 5 and 10 m in section B. 
The results show increasing K values from the top to the toe 
of the slope but the values were not as high in the passive 
zone as those found at the Alafors and Larjean test sites 
(Table 10) . The agreement between the measured and the 
predicted values was good (Table 10). 

UGGLUM TEST SITE 

The Ugglum test site is in an area with postglacial clay in the 
eastern part of Goteborg. The Save stream , which is an afflu
ent to the Gota River, passes through the site . Rather flat 
slopes with a height of about 6 m have been formed by the 

TABLE 9 PREDICTED LATERAL EARTH PRESSURES 
AND K VALUES AT THE KVIBERG TEST SITE 

Sllce 
inter
section 

1-2 

2-3 

3-4 

4-5 

5-6 

6-7 

7-8 

8-9 

Later al pressure 
at the ground level 
"' (kPaJ 

h9 

-8. 5 

- 8 , 0 

-12 . 0 

-13 . 2 

3 , 6 

11. 1 

28 . 6 

27 , 6 

Lateral pressure 
at the shear surface 
O' (kPa) 

h• 

59 . 9 

113. 2 

153. 6 

174. 0 

181. 4 

185 . 1 

142. 8 

102. 8 

K -values 
at the 
shear surface 

0. 18 

0. 24 

0 . 35 

0 . 60 

1. 02 

1. 75 

1. 51 

1. 36 

TABLE 10 COMPARISON BETWEEN MEASURED AND 
PREDICTED LATERAL EARTH PRESSURES AND K 
VALUES AT THE KVIBERG TEST SITE 

Section Depth Total lateral K -values 
z(m) earth pressure 

Mea- Pre- 6 0' Mea - Pre - 6K 
sured dieted (%) sured d ieted (%) 
(kPa) (kPa) 

A 5 79 99 25 0 . 83 1. 47 77 

7 . 5 136 13 6 0 1. 26 1. 26 0 

10 194 173 11 1. 3 8 1. 02 26 

8 83 87 5 0. 92 0.99 48 

10 14 8 171 16 0 .73 1. 05 44 

c 74 51 31 0.73 0.4 0 45 

7.5 95 79 17 0.50 0.28 44 

10 109 109 0. 30 0.30 
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stream. Quick clay can be found in some areas next to the 
stream and have caused many slides through the years. 

The soil consists of soft, homogenous clay capped by a dry 
crust 1 to 2 m thick overlying noncohesive soil rock. The 
undrained shear strength is about 10 to 15 kPa right under 
the dry crust and increases with depth, 1 kPa/m (Figure 12). 
The groundwater is hydrostatic from the ground level. 

In September 1989 a new railway bridge was built in the 
area. Since the factor of safety is low , F cq, = 1.2 to 1.3, the 
investigated slope had been stabilized by removing masses 
from the active zone . Measurements of lateral earth pressures 
with cells are still going on and continued during and after 
the stabilization. 

Predicted Lateral Earth Pressures 

A noncircular 9-m-deep shear surface was used to predict the 
stress distribution at the Ugglum test site (Figure 12). From 
the results of the calculations it can be seen that the earth 
pressures and K values constantly increase from the crest to 
the toe of the slope (Table 11) . The K values were in the 
same range as the values at the Alafors test site . 

c 

4 

... -... ,,,_ - 3 
P" 1.6 t/m 

'["tu= 11•1.3 ·z 

0 5 10m 

FIGURE 12 Profile with geotechnical parameters, shear surface, and line of thrust used for the Ugglum test site. 
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TABLE 11 PREDICTED LATERAL EARTH PRESSURES 
AND K VALUES AT THE UGGLUM TEST SITE 

Slice Lateral pressure Lateral pressure K -values 
inter- at the ground level at the shear surface at the 
section .,. (kPa) (kPal shear surface 

1-2 -8 . 4 36. 2 0. 28 

3-2 -8. 1 75. 1 0. 44 

3-4 -14. 5 104 . 9 0. 60 

4-5 -8. 1 124. 5 0. 71 

5-6 -9. 1 128.3 0. 59 

6-7 -2. 9 134. 7 0. 83 

7-8 4. 7 129. 7 0 . 82 

8-9 12. 3 117.1 0. 88 

9-10 9. 9 94. 3 0. 71 

10-11 19 . 4 71. 0 !. 11 

Comparison Between Predicted and Measured Lateral 
Earth Pressures 

Nine earth pressure cells were installed in three sections of 
the slope: close to the Save stream, in the middle, and at the 
crest. 

In section A, cells were installed at depths of 4, 6, and 9 
m; in section Bat 4.35, 7.35, and 10.35 m; and in section C 
at 3, 6, and 9 m. The measurements showed increasing K 
values from 0.60 in the active zone to 0.98 in the passive zone 
(Table 12). A very good agreement between measured and 
predicted lateral earth pressures was noted (Table 12). The 
earth pressure cell at 4.35 m of depth in section B gave a very 
low earth pressure value, which probably was not correct. 

DMT soundings with the blade perpendicular to the slope 
have been carried out in all three sections. The results are 
shown in Figures 13-15. The agreement between measured 
K values with DMT and earth pressure cells was very good 
in sections B and C and good in section A. 

DISCUSSION OF RESULTS 

The investigation showed that the lateral earth pressures and 
K values increased from the crest to the toe of a slopes. This 

TABLE 12 COMP ARIS ON BETWEEN MEASURED AND 
PREDICTED LATERAL EARTH PRESSURES AND K 
VALUES AT THE UGGLUM TEST SITE 

Section Depth Total lateral K -values 
z(m) earth pressure 

Mea- Pre- fJ.O' Mea- Pre- fJ.K 
sured dieted (%) sured' dieted (%) 
(kPa) (kPa) 

A 4.0 65 63 3 0.97 0.91 6 

6.0 97 93 0.98 0.90 

9.0 140 137 2 0.91 0.86 5 

B 4.35 38 54 42 (0. 30) 0.64 113 

7.35 97 98 1 0.63 0.64 

10. 35 143 143 0 0.68 0.67 1 

c 3.0 35 35 0.60 0.60 0 

6.0 75 76 1 0.58 0.60 

9.0 110 95 14 0.46 0.23 50 
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FIGURE 13 Earth pressure coefficient K determined by 
earth pressure cells and DMT at the Ugglum test site in 
section A. 

was found both through direct observations and by Janbu's 
generalized procedure of slices. The K values were about 0.4 
to 0.7 in the active zones and about 0.8 to 1.4 in the passive 
zones. In one very steep slope with a low factor of safety, K 
in the passive zone reached values close to the passive earth 
pressure coefficient KP (K = 3). 

A good or very good agreement between measured and 
calculated total earth pressures was found. The differences 
were less than 20 percent except for the Alafors test site after 
stabilization. At the Alafors site the differences were about 
20 to 50 percent. The explanation to those results may be that 
the Janbu's generalized procedure only works for natural slopes 
and not for stabilized ones. This hypothesis will be further 
investigated when masses from the active zone at the Ugglum 
test site have been removed. 

The K values obtained by DMT soundings and the pressure 
cells were in good agreement at two sites but were unac
ceptably different at one site. 

The calculations with Janbu's generalized procedure have 
only been done for undrained conditions, though. Lateral 
stresses obtained from calculations in drained conditions will 
be studied in the near future. 
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The effect of the position of the line of thrust on the pre
dicted earth pressures will be investigated more thoroughly 
in the second phase of this project. The effect on the lateral 
stresses at a given point of shear surfaces reaching different 
depths will also be investigated. 

The measurements at the Alafors test site did not show any 
large differences in lateral earth pressures before and after 
the stabilization. The differences in the stabilized zone were 
around 10 kPa but were not noticeable in the other parts of 
the slope. 

Predictions of lateral earth pressures will also be made by 
using numerical methods. An investigation with the finite
element method will start during autumn 1989. 

CONCLUSIONS 

The following conclusions can be drawn from the investiga
tion: 

1. Lateral earth pressures and K values increase from the 
crest to the toe of slopes. 
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2. K values can be extremely high (K > 3) in the passive 
zone of the steep slopes with a low factor of safety. 

3. Janbu's generalized method of slices gives acceptable 
values of the existing lateral earth pressures in natural slopes. 

4. Gli:itzl earth pressure cells have been found to be very 
reliable in soft clays. 

ACKNOWLEDGMENT 

The author wishes to thank the Swedish Building Research 
Board for their financial support of this project. 

REFERENCES 

l. R. Larsson. Measurement and Calculation of La/era/ Stresses in 
Clay and Their Imporlance for Strength and Deformation Param
eters. Department of Geotechnical Engineering, Chalmers Uni
versity of Technology, Gi:iteborg Sweden, 1975. 

2. L. Olsson. Lateral Load Tests in Clay Using Inflatable Air Jacks. 
Canadian Geo/echnical Journal, Vol. 18, 1981, pp. 316-321. 

3. S. Marchetti. In Situ Tests by Flat Dilatometer. Journal of the 
Geo1echnica/ and Engineering Division, ASCE, Vol. GT3, 1980. 



182 

4. K. R. Massarch. New Method for Measurement of Lateral Earth 
Pressure in Cohesive Soil. Canadian Geotechnical Journal, Vol. 
12, 1975, pp. 142-146. 

5. N. Janbu. Slope Stability Computations. In The Embankement 
Dam Engineering. John Wiley, New York, 1973, pp. 47-86. 

6. L. Grande. The Lammet Computer Programme: Slope Stability 
Analysis by Janbu's Generalized Procedure of Slices. Norwegian 
University of Technology, Trondheim, 1975. 

7. M. G. Smith. Dilatometer Tests in Soft Swedish Clays. MSc. dis-

TRANSPORTATION RESEARCH RECORD 1278 

sertation. Chalmers University of Technology, Giiteborg, Sweden, 
1989. 

8. J. Ekstrom, A. Samuelsson, and G. Sallfors. Analysis of the Sta
bility of Slopes. (In Swedish). Department of Geotechnical Engi
neering, Chalmers University of Technology, Giiteborg, Sweden, 
1982. 

Publication of this paper sponsored by Committee on Soil and Rock 
Properties. 



TRANSPORTATION RESEARCH RECORD 1278 183 

Correlation of Dilatometer Readings with 
Lateral Stress in Clays 

T. LuNNE, J. J. M. PowELL, E. A. HAUGE, K. H. MoKKELBOST, AND 

I. M. UGLOW 

Published methods of predicting in situ lateral stress from the 
dilatometer test are reviewed. A data base containing high-quality 
information from clay test bed sites mainly in Norway and the 
United Kingdom has been established. Reference K 0 values have 
been evaluated from a number of methods including self-boring 
pressuremeter, hydraulic fracture, total stress cells, laboratory 
measurements, and empirical correlations. A new correlation 
between the dilatometer parameter K 0 and K 0 is proposed for 
young clays. 

The in situ horizontal stress uh (or the lateral stress ratio K 0 ) 

is an important parameter that needs to be assessed for many 
geotechnical problems: 

•Input in engineering analyses (e.g., skin friction of piles, 
pressures on walls, fracturing of dams); 

• Selection of consolidation stresses for laboratory tests (e.g., 
triaxial test consolidated to in situ stresses); 

•Evaluating borehole stability, designing mud program; 
and 

•Input for interpretation of in situ tests [e.g., K 0 required 
in several methods for computing strength from cone pene
tration tests (CPTs)]. 

Schmertmann (1) discussed those points in more detail and, 
in addition, these items: natural causes for K 0 variation in the 
ground, how K 0 can be measured in the laboratory and in the 
field, and sources of error when attempting to measure K

0
• 

After the standard penetration test (SPT), the CPT is prob
ably the most widely used in situ test. Interpretation of the 
CPT in several cases requires that the in situ horizontal stress 
uh is known. Even though methods of finding uh from CPT 
results have been presented in the literature, including the 
incorporation of a lateral stress sensor in the friction sleeve, 
the ability at present to estimate reliable values of uh is still 
far from satisfactory (2). 

One of the reasons that the authors advocate the use of the 
dilatometer test (DMT) is the potential of the test to yield a 
more reliable measurement of uh. The DMT is, therefore, an 
extremely valuable supplement to the CPT. However, the 
original Marchetti (3) correlation can, in some cases, be greatly 
in error and, therefore, need to be updated ( 4-6). 

As part of a collaborative research program between the 
Norwegian Geotechnical Institute (NGI) and the Building 

T. Lunne, E. A. Hauge, and K. H. Mokkelbost, Norwegian Geo
technical Institute, Postbox 40, Taasen, Oslo 8, Norway. J. J. M. 
Powell and I. M. Uglow, Building Research Establishment, Garston, 
Watford WD2 7JR, England. 

Research Establishment (BRE) in Great Britain, a data base 
of high-quality information on in situ stresses, soil parameters, 
and in situ test results has been established. One of the main 
purposes of this work is to arrive at better methods for inter
preting various in situ tests (7). This paper concentrates on 
the results of work to improve the correlations between the 
DMT test results and in situ horizontal stresses. 

The DMT testing equipment and procedures are not 
described here, but reference is made to Marchetti (3) and 
Lutenegger (8). 

PREVIOUS CORRELATIONS 

The original correlation between the DMT horizontal stress 
index KD and the coefficient of earth pressure at rest K 0 was 
given by Marchetti (3) (see Figure 1). The correlation 

( )

0.47 

K 0 = ~~ - 0.6 

was based mainly on tests in Italian clays and is meant to be 
valid for uncemented clays with a KD > 0.3. 

This correlation appeared to work in some cases for soft 
and medium-to-stiffuncemented clays (9). In medium to heavily 
OC clays, the Marchetti (3) correlation can significantly over
predict and underpredict K 0 , depending on soil type (5 ,6). 

Lacasse and Lunne (9), on the basis of data in a wide range 
of clays, proposed a new correlation of the form 

K
0 

= 0.34 K'J) 

with m between 0.44 and 0.64 (Figure 2). A value of m 
0.44 is associated with highly plastic clays, and a value of 
m = 0.64 corresponds to low plasticity clays. Lacasse and 
Lunne stated that in soils with K 0 > 4, more evaluated expe
rience is needed but that the correlations given by Marchetti 
(3) and Lacasse and Lunne (9) could be used to obtain a range 
of K

0 
values. 

Following a similar approach, Powell and Uglow (6) sug
gested that for "young" U.K. clays (i.e., less than 70,000 years 
old) the following correlation could be used: 

For old U.K. clays (i.e., more than 60 million years) the 
experimental data fell considerably above the Marchetti cor
relations (see Figure 3) and tended to be more site specific. 
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Roque et al. (10) suggested the use of the "total horizontal 
effective stress" after DMT insertion to obtain a parameter, 
KN: 

where a is attraction as defined by Janbu and Senneset (11). 
The classical term cohesion (c) is related to the attraction by 

'"9i Ons0y Hydraulic 
fracturing 

20 

the expression c = a · tan <!>'. To obtain ci;. 0 + iia~, it is 
necessary to take DMT readings with time until full dissipation 
of pore pressure has occurred. The in situ Kn value is then 
found by dividing KN by an empirical factor. An example 
from the Glava clay in Norway is presented in Figure 4. Tests 
at other clay sites in the Trondheim area indicate that this 
empirical value may vary considerably from clay to clay (10). 
The necessity to wait for full dissipation, which can take sev
eral hours or days and thus becomes a costly operation par-
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ticularly in offshore testing, is a further limitation of this 
approach. 

Clarke and Wroth (12) compared results of high-quality 
self-boring pressuremeter tests (SBP) with DMT results and 
indicated that "A relationship between (p 1-p0) and (p 1-u1o) 
exists and appears to be independent of the soil type and 
stress level" (see Figure 5). Here, uh is the horizontal stress 
found from the SBP. This correlation may seem promising as 
a way of finding u" (and, hence, Ko) from DMT tests. How
ever, Houlsby (13) rightly points out a problem with this 
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[after Clarke and Wroth (12)]. 

correlation in that u,, is a small quantity that has to be found 
as the difference between two large quantities. 

ESTABLISHED DATA BASE 

While the complete data base contains information from many 
sites , only four of NG I's test sites in Norway and five of BRE's 
United Kingdom test sites and the test bed site of University 
of California, Berkeley (Hamilton Air Force Base), are con
sidered here. 

The DMT tests were carried out with both the Marchetti 
standard DMTand NGI's offshore dilatometer (ODMT), which 
is somewhat smaller (see Figure 6) than the Marchetti because 
it was designed to pass inside an API drillstring (14). Exten
sive testing has indicated that the two DMTs give results that 
for most practical purposes are similar, as will be discussed 
later. 

In what follows , only detailed results for one Norwegian 
soft clay site and one U .K. very stiff overconsolidated clay 
site will be shown. The method of selection of the parameters 
for the data base will then be discussed. For the other sites 
considered here, only reference data and the sources of more 
detailed information have been supplied . 

NGI's Reference Clays in Norway 

NGI's four sites presented here are Drammen, Ons('Jy, Haga, 
and Lierstranda. The Drammen and Ons('Jy test bed sites are 
among some of the most thoroughly investigated clays in the 
world and have been used as reference sites by NGI for 20 
to 30 years. 

All the four clay deposits were sedimented under marine 
conditions. The Haga clay is overconsolidated owing to exca
vation of soil , and the other three clays are only slightly over
consolidated, most likely caused by secondary compression. 
Plasticity indices of the clays mostly range from 15 to 40 
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percent. (More information about these sites can be found 
elsewhere ( 4,9,15).] 

As an example, Figure 7 presents the soil profile at Ons(Zly . 
The reference K 0 values have been based on self-boring pres
suremeter and hydraulic fracture tests (HFTs). Also pres
ented in Figure 7 are K 0 values derived from field vane test 
(FVT) results combined with CAU triaxial tests by using the 

Water 
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method outlined by Aas et al. (16), and also laboratory cor
relations between OC:R (from oec1ometer tests), plasticity index, 
and K0 [using Brooker and Ireland (17)]. Figure 8 gives dila
tometer test results from both Marchetti and NGI's offshore 
DMTs. Here, p0 and p, readings from the two devices are 
somewhat different at shallow depths, resulting in different 
Id values but that the DMT parameters K 0 and E 0 remain 
essentially similar. 

Results from total stress cells and laboratory K
0 

oedometer 
tests were used for the Drammen site in addition to the SPB, 
HFT, and FVT to arrive at a best-estimate K 0 profile. FVT, 
SBP, and laboratory correlations where used at the Haga site 
to establish the K 0 profile. Results of FVT and laboratory 
correlations were used at Lierstranda . 

BRE's Reference Clays in the United Kingdom 

BRE's five sites presented here are Brent Cross, Canons Park, 
Mac1ingley, Cowden , and Bothkennar. London clay, found 
at two of BRE's sites (Brent Cross and Canons Park), has 
been thoroughly investigated by BRE and others over the last 
30 to 40 years. Cowden is a glacial till site and has been used 
by BRE for 15 years. 

The Madingley site (Gault clay) has been used by Cam
bridge University for 15 years for several of their research 
programs on overconsolidated clay. BRE has had access to 
the site for 12 years and has carried out various in situ testing 
programs. 

The Bothkennar clay in Grangemouth has recently been 
established in the United Kingdom as a national reference 
site on soft clay. BRE plays a central role in testing this site 
and has carried out in situ and laboratory programs. 

The London clays (Brent Cross and Canons Park) and the 
Gault clay (Madingley) are very old clays (>60 million years) 
and are heavily overconsolidated. 

The Cowden clay is a "young" ( < 70,000 years) consoli
dated glacial till, and the Bothkennar clay is a young lightly 
overconsolidated soft clay. 
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The plasticity index of those clays lies in the range 20 to 
50 percent. (More information about these clays can be found 
elsewhere (5,6-7).] 

As an example, Figure 9 gives the soil profile for Madingley. 
The K

0 
profile at Madingley is based on results of total stress 

cells and self-boring pressuremeter tests and oedometer tests 
by using empirical correlations (17). Figure 10 gives results 
from both Marchetti and NGI offshore dilatometers at this 
site. Excellent agreement between the results from the two 
devices can be seen. 

At Cowden the K 0 profiles were based on total stress cell 
measurements, laboratory suction tests, and laboratory 
correlations. At the other UK sites, pressuremeter tests, 
total stress cells, and laboratory correlations were used to 
establish K 0 • 

San Francisco Bay Mud 

As part of a joint research program between the University 
of California, Berkeley (UCB) and NGI, a series of dilatom
eter tests were run at UCB's research site, Hamilton Air Force 
Base (18), near San Francisco. 

The San Francisco Bay Mud is a marine-deposited soft clay 
with a plasticity index in the range 45 to 55 percent and is 
lightly overconsolidated. K 0 values where based on self
boring pressuremeter tests, total stress cells, and laboratory 
correlations. 

Criteria for Selecting Values for the Data Base 

The soil profiles were divided into layers, and only uniform 
clay layers were included in the data base. Each layer was 

represented by one (or two, if a thick layer) point(s) normally 
in the middle of the layer (or equally spaced if two). The 
depths of those points are presented as reference depths in 
Table 1. The laboratory and in situ test results for each layer 
were then found at each reference depth. 

The original data base also included a number of offshore 
sites. Those are not included here because of doubt as to the 
reliability of the values of u". 

All relevant data were put into a spread sheet system. Table 
1 gives part of the data base. Generally, the data from the 
offshore dilatometer have been used. However, when results 
from this device were not available, the Marchetti DMT infor
mation was substituted. As was discussed, the parameters K 0 

and E0 , as determined from the two DMTs, are very similar. 

ANALYSIS OF DATA AND NEW CORRELATIONS 

In Figures 11-13, the data from the spread sheet have been 
plotted as K

0 
versus K 0 on a double logarithmic scale that 

was originally used by Marchetti. In Figure 11, values of plas
ticity index IP have been noted beside each point. Similarly, 
Figures 12 and 13 indicate values of DMT materjal index I 0 

and normalized shear strength s) u~0 , respectively, beside each 
point in the plots. For the U.K. clays, undrained shear strength 
(sJ from UU tests have been used; and for the other sites, 
su has been determined by consolidated undrained triaxial 
tests (CIU or CAU). Marchetti's original correlation is also 
included in the figures. 

The following observations can be made: 

1. Marchetti's correlation appears to overpredict K 0 for young 
clays and underpredict K 0 for the very old U.K. clays (Brent 
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TABLE 1 SUMMARY OF TEST SITES AND DILATOMETER TEST RESULTS 

GENERAL INDEX DATA IN SITU STRESSES DILATDHETER RESULTS 

REFER-
TEST DEPTH DEPTH SOIL DESCRIPTION >ip Ip w Clay Gamma Uo Si gm~ Sigma Ko OCR Su St Dilato- PO Pl ID KO ED ENC ES 
SITE INTERV . REF. cont. vcrt.eff . hor.eff. CAU vane meter ., m % % % .. kN/111> kPa kPa kPa kPa type kPa kPa MP a .. 
ONSOEY 4-5 5.0 CLAY, plastic clay 27 66 39 50 16.5 51 34 22 0. 65 1. 7 17.5 10 Offshore 201 223 0 .1 5 4.41 0.68 4, 9 
ONSOEY 5-15 7 . 0 CLAY, plastic clay 29 46 75 59 16.5 7Z 46 30 0 . 65 1.5 21.0 9 Offshore 228 255 0.17 3 . 39 0.83 
ONSOEY 15-20 16.0 Homogeneous, plastic clay 28 45 73 69 16. 5 168 98 64 0.65 1. 4 33 .o 5 Offshore 476 525 0.16 3 . 14 1.51 
ONSOEY 20-40 24.0 Homogeneous, plastic clay 2·4 40 74 51 16.5 263 152 99 0.65 1. 2 40.0 5 Offshore 667 740 0 .18 2.66 2.26 

DRAMMEN 5-8 7.0 Plastic Dram~en Clay 30 28 55 48 17.1 57 65 42 0.65 1. 5 26.0 8 Off shore 255 275 0.10 3 . 05 0.62 4, 9 
DRAMMEN 8-12 9.0 Plastic Dr<>mmen Clay 29 25 51 48 17 .1 77 80 49 0.61 1.5 32.0 7 Offshore 305 329 0.11 2 . 85 0.74 
DRAH/olEN , 2. 5-1 ~ 13.0 Lean Drcmmen Clay 23 17 34 19.1 116 113 62 0 . 55 1.2 38.4 5 Offshore 372 384 0.05 2 .27 0.37 
DRAMMEN 14-16 15.0 lean Drammen Clay 23 10 30 19.1 135 131 72 0.55 1. 2 44.5 3.5 Offshore 411 421 0. 04 2. ,, 0.31 

HAGA 1-2 1. 5 Lean O.C. Clay 25 13 36 45 18.2 0 ,30 47 1. 55 12.0 59.5 s Onshore 241 333 0.38 8.03 2.84 15 
HAGA 2-4 3.5 lean O.C. Clay 27 16 40 50 18,0 0 70 69 0.98 4.5 63.0 4.5 On5hore 419 507 o. 21 5.99 2.72 
HAGA 4-5 4 . 5 Plastic O. C. Clay 29 35 49 66 17 . 5 0 88 89 t .01 4 . 0 65.0 7 Onshore 547 699 0.28 6 . 22 4 . 70 
HAGA 5-6.5 6.0 Plastic O.C. Clay 25 17 36 45 18. 4 0 118 8S 0 .72 2. 2 65.5 4.5 Onshore 507 570 0. 14 4.30 2.19 
HAGA 6.5-7.! 7.0 Plastic O.C. Clay 21 12 j1 42 19.0 0 135 90 0.67 2.0 66.0 4 Onshore 520 564 0.12 3.8S 1.96 

LIERSTR. 6-10 8.0 Plastic Drammen Clay 2S 25 41 34 16.0 85 65 49 0.15 2.S 32.0 5.S Offshore 345 383 0. lS 4.00 1.11 Unpub-
LIERSTR . 10-15 12.5 Plastic Drammen Clay 24 25 42 34 18.1 140 93 60 0.65 1.8 35.0 4.S Offshore 490 53S 0.13 3. 76 1.39 lished 
LIERSTR . 15-25 20 . 0 Lean Drammen Clay 21 16 34 29 19.1 230 142 71 0.50 1.0 51.0 3.5 Offshore 648 672 0.06 2.94 0. 14 
llERSTR . 25-35 J0.0 Lear1 Dra1nmen Clay 20 12 27 20 19 .1 341 220 99 0.4S 1.0 85.0 3.5 Offshore 820 910 0.06 2 . 44 0_93 

BAY HUD 3-6 4 .4 Soft, silty Clay 40 so 90 46 14.6 30 34 19 D.55 2.S 16. 0 4 Offshore 131 177 0.46 2.97 1. 42 18 
BAY tlUD 6-11 8 . 6 Soft, silty Clay 38 48 92 46 14.5 72 54 30 0 . 55 2.S 22.0 8 Offshore 198 240 0.33 2.33 1.30 
BAY HUD 11-16 13.4 Soft, silty Clay 39 40 94 46 14.4 119 11 54 0.70 1.2 32.0 6 Offshore 315 360 0 .23 2.5S t.39 

BRENT 0-6 4 . 0 LoncJon wca\hered clay 26 54 30 54 19 .1 2G so 182 3 .G4 > 60 66 1 Onshore 700 960 0.42 13.46 9. 7 5, 6, 1 
CROSS 6-9 8. 0 London weathered clay 27 54 29 58 19.0 60 93 280 3.01 50 92 ' Onshore 930 1310 0.44 9.35 13.1 

9-16 13.0 London unweathered clay 28 50 28 57 19.5 106 144 349 2.42 30 116 1 Onshore 1000 1640 0.72 6. 21 22.1 
16.0 26 4S 27 60 19.5 133 115 393 2.25 25 136 1 Onshore 1250 1950 0.63 6 . 38 24.2 

COWDEN 0-5 3.0 Weathered Glacial till 21 20 18 30 21. 4 20 44 130 2 . 95 11. 5 141 ' Off shore 1138 36SO 0.64 25.41 22.0 5, 6, 7 
5-10 1.0 Weathered Glaci~l till 30 5S 60 1. 45 6.5 Offshore 781 1110 0.44 7.30 10 .0 
10-12 11.0 Unweathered Glacial till 16 17 17 32 21.6 50 101 95 o. 94 5 BS ' Offshore 

BOTtlKENNAR 0-3 3 . 0 Soft black silty clay 27 3S 58 36 16 . 0 25 23 20 0.87 t. 6 17 1 Onshore 148 196 0.39 S. 35 1. 7 5 , 6 
3-6 6.0 29 39 64 32 1S.S so 4S 25 0.56 1. 3 2S 1 Onshore 222 274 0 .30 3.62 1.8 
6-9 9.0 Soft dark grey ruicaceous 31 44 68 26 15. 2. 80 60 3S 0.58 1. 3 34 ' Onshore 296 363 0.31 3.60 2.3 I 9-12 12.0 clay with thin silt 32 38 64 20 15. 7 110 77 50 0.65 1. 2 Onshore 38S 474 0.32 3 . S7 3.1 
12-15 ts.a laminations, mar~ silty 32 41 S4 20 16.2 140 96 60 0.63 \. 2 53 , Onshore 460 570 0.34 3.33 3.8 

with depth 

HADINGLEY 0-4 3.0 Firm intact silty clay 30 50 30 60 18.5 20 35 108 3.09 > 50 105 • Offshore 5SO 900 0. 66 15.14 10.8 5, 6, 7 
4-7 s.o Stiff grey fissured clay 29 49 31 59 16.6 37 56 135 2.41 40 152 1 Offshore 780 1200 0.57 13.27 13.0 
7-11 9.0 Very stiff fissured clay 29 44 30 61 19.0 72 96 188 1.96 2S 130 1 Offshore 900 1500 0.72 6.63 16. 5 
11-20 lS.O Very stiff fissured silty 29 43 29 62 l9.0 124 139 276 l.99 18 208 , Off shore 1000 1100 0.80 6 . 30 21.6 

20.0 clay. Very high plasticity. 28 43 28 65 19.1 168 191 220 I Offshore 1600 2600 0.70 7 . 50 30.9 

CANONS 0-2 1.0 Gravel in a clay matrix 19. 2 19 
PARK 2-4 3.0 Firm silty fissured clay 30 46 27 43 19 .. \ 20 38 163 4 .2 9 72 1 Off shore 500 723 0.67 12. 63 10.0 5, 6 

4-7 6.0 Stiff silty fissured clay 28 40 28 4; 19.6 43 73 287 3 . 93 115 1 Offshore 1234 1575 O.S6 16.32 20.6 
7-10 9.0 Blue London clay 28 44 29 19.6 65 109 274 2.51 120 ' Offshore 1126 1617 0 . 66 9. 74 22.3 

. " 
1 LIU tests 



1 
.9 
.8 

.7 

.6 

.5 

.4 

.3 
2 

1 
3 4 5 6 7 8 9 10 

Horizontal stress index, Ko 

FIGURE 11 KD versus K0 with values of Ir 

0 

6 

5 

4 
K0 = 0.68 K00.54 

20 30 

cp46 

X54/ 

~ 3 
iii 
Q) 

1 .~ cp40 / 

X56 ...-M50 / 
I ,/ ..... io -

V cp44 M49/ ..... 
-ru 
~ 2 
::J 
Cf) 
Cf) 

~ 
c.. 
.c 
t 

m 1 -0 --c 
Q) 

·u 
E 
Q) 

0 
0 

. 9 

.8 

.7 

.6 

.5 

.4 

.3 

1 

xsa x1s ::J// f)43~ 
Marchetti (3) v X I 

/ Ko =(Ko I 1.5)0.47 - 0.6 ~ vv H13 ..------ a= 0.3~ 

l .. ...-/ ,.,--Ko= a Ko 0.54 v / IY ,..,,.. ,,,, I 
/ v -~a=0.28 

"'&r.~ 
/ 

v ...- 6 C1 7 _,,,, ..... 
/_ V" vhis / 

R48 
,,,,,- L25 / 

;;-H17 / 

,,,,ocS90bL 1 <)..34 
/ L44--

0 0848" \350 :;..b39 
/ L 16,... 

2 

,, 
L12 

3 4 56789 
10 

Horizontal stress index, Ko 
20 

FIGURE 12 KD versus K0 with values of ID. 

30 

LEGEND: 
Brent Cross: X 
Cowden: C 
Bothkennar: b 
Madingly: M 
Canons Park: cp 
Onsoey: 0 
Drammen: D 
Haga: H 
Lierstranda: L 
Bay Mud: B 

LEGEND: 
Brent Cross: 
Cowden: 
Bothkennar: 
Madingly: 
Canons Park: 
Onsoey: 
Drammen: 
Haga: 
Lierstranda: 
Bay Mud: 

x 
c 
b 
M 
cp 
0 
D 
H 
L 
B 



Lunne et al. 

0 
~ 

Ci) 
Q) ..... -C'Cl 

~ 
::J 
(f) 
(f) 

~ 
0. 
.c 
t:: 
C'Cl 
Q) -0 -c 

1 

191 

.9 

.8 

.7 

-+--------+----+r....._,/,,..-~v Vn0.61 ... ,.... v..,, L04" .,-
B0.42Ll.34 ;;:o-H / LEGEND: 

Q) 
·c::; 
E 
Q) 
0 
0 

.6 
/0 IDOObl ' 9.o.s2 

/ 07 0.38'=-+---lf---+---t--+---+------ -+------t 
0 DB0.34 fil0 .47:;.b0.56 

....... o.4 

Brent Cross: x 
Cowden: c 
Bothkennar: b .5 
Madingly: M 

.4 Canons Park: cp 
Onsoey: 0 

.3 
Drammen: D 

1 
2 3 4 56789 

10 20 
Haga: H 

30 Lierstranda: L 
Horizontal stress index, Ko Bay Mud: B 

FIGURE 13 K0 versus K0 with values of s,,/ u~0 • 

Cross, Madingley, and Canons Park). This confirms the find
ing of Powell and Uglow (6). 

2. Young clays fall within a relatively narrow band, which 
can be expressed as 

where a on the average is 0.34, but it varies between 0.38 and 
0.28. 

3. Referring to Figures 11 and 12 and the band for the 
"young" clays, there does not appear to be any systematic 
trend with JP or 10 , and neither is it possible to differentiate 
between the "old" and the "young" clays on the basis of those 
two parameters. 

4. Although not completely conclusive, Figure 13 indicates 
that s) u~0 may be used to separate the old from the young 
clays. Here, the way of measuring s,, is very important (test 
method and sample size, particularly in the older fissured 
clays). 

5. Referring to Figure 13, on average, K0 for the "old" 
clays is related to K 0 as K 0 = 0.68 · K'fj54 with a wide scatter 
band. However, for any one site and clay layer a site-specific 
correlation would appear to exist. 

Figure 14 plots p 1-p0 versus pea" as proposed by Clarke 
and Wroth (12) . The figure also includes the correlation found 
by Clarke and Wroth. Especially for low values ofp 1-p0 , there 
is too much scatter for this approach to be useful, and, fur-

thermore, it falls away from the original correlation line (12). 
On the basis of this, what follows is recommended : 

1. Use s.J a~0 or general geological evidence to group the 
clay as "old" or "young." Young clays generally have 
s.Ja~0 < 0.7 and old clays generally > 0.7. 

2. If the clay is young, then use the correlation K0 = 
0.34 · Kcj/4

• The uncertainty associated with this correlation 
is unlikely to exceed ± 20 percent. 

3. For old clays, either use has to be made of existing expe
rience on that soil type to establish a correlation or, if some 
information on K 0 and OCR is known for the site (1 or 2 
values), then those should be plotted against K 0 on Figure 
13 and a new correlation drawn through them parallel to the 
K 0 = 0.68 · K'fj54 line. 

Most clays are "young" clays. 
Obviously, the new correlations do not fit with Marchetti 's 

data. One likely explanation is that Marchetti (3) determined 
K 0 based on OCR from laboratory oedometer tests and then 
used the empirical correlation of Brooker and Ireland (17). 
Thus, the K 0 values may not be representative of the in situ 
condition. 

The new data, for a wide range of clays from different parts 
of the world, are all based on direct in situ measurements by 
using self-boring pressuremeter, hydraulic fracture, total stress 
cells, and other relevant tests. There are also uncertainties 
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associated with those values but much less so than those 
determined from empirical correlations. 
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Determination of In Situ Lateral Stresses 
in a Dense Glacial Till 

ALAN J. LUTENEGGER 

A comparison of different techniques for determining in situ lat
eral stresses in a dense glacial till is presented. The site is located 
north of Des Moines, Iowa , in the late Wisconsinan drirt plain . 
The till is generally comp sed of a cohe ive matrix (P.f. = 12 ; 
L.I. = 0) and extends to a depth of 19 m. In ·itu tests conducted 
at the site included flat dilatometer (DMT), full-displacement 
pressurcmeter (FDPMT), hydraulic fracture (HFT) , and pre
bored piessurt:mclcr (PMT) tests. Push-in earth pres ure cell 
were installed at variou depth and were a llowed 1.0 conie to 
equilibrium to provide an upper-bound value of the in situ lateral 
tress conditions. Those data are also c mparecl with DMT dis

sipation tests , which give an equilibrium value or cr11• A compar
ison of the effective horizontal tresses obtained with rhe in ·irn 
tests is presented and is based on field pore pressure measure
ments obtained from electric and pneumatic piezometers. Esti
mates of the at-rest coefficient of earth pressure, K0 , were made 
and a re based on lab rntory tests, using empirical relationship 
between K0 and 0 R. 0 Rs were obtained Crom increment<tl 
loading labo ratory oedometer rests. The work energy method was 
al 'o used to predict in itu effective horizontal ·tre ses. using 
re ·uJts of oedomctcr tests on horizontally trimmed samples. Re ult 
indicate thal ru 11 displacement te ts, such as the DMT, HFT. and 
FDPMT, tend to overestimate the in situ stresses while the non
displacement PMT provided results very close to the spade cell 
and laboratory data. A di eussion of the test results is presented 
concerning the accuracy of each of the tests in predicting in situ 
stresses in dense cohesive soils. 

The prediction of at-rest horizontal stresses in natural soils 
often represents one of the more difficult tasks in geotechnical 
engineering and yet has a wide application in practice. Cur
rently , there are a number of well-known field methods to 
estimate in situ lateral stresses in cohesive soils and a number 
of techniques that use results of laboratory tests on undis
turbed samples. Generally, the prediction of K0 in softer and 
normally consolidated clays does not present a particularly 
difficult task, because theoretical and empirical methods for 
estimating K 0 provide reasonably accurate values for most 
design situations. Conversely, stiff or highly overconsolidated 
cohesive deposits present somewhat of a formidable problem: 
there are limited data in the literature from field investigations 
and what constitutes a reasonable estimate of K 0 is not clearly 
defined. 

In the midcontinental United States , abundant cohesive 
glacial till deposits are present and provide the base for both 
deep and shallow foundations. Deep excavations in many 
areas are also conducted in those materi als, and, therefore, 
the in situ state of horizontal stresses is of some practical 
significance for design. The tills are matrix dominated in most 

Department of Civil Enginee ring, University of Massachusetts, 
Amherst , Mass. 01003. 

areas (i.e., composed of sand, silt, and clay and generally 
behave as cohesive soils). The tills are often very dense and 
stiff because of the mechanics of glacial deposition, and there 
is a tendency to think that the soils are highly overconsoli
dated. This can lead to the belief that the in situ lateral stresses 
are high, although this has never been directly substantiated. 

To study the magnitude of lateral stresses that exists in those 
deposits, a site consisting of Late Wisconsinan glacial deposits 
near Ames, Iowa , was selected for laboratory and field inves
tigation. In situ lateral stresses were estimated on the basis 
of field measurements by using several in situ test methods 
and were predicted on the basis of the results of laboratory 
tests on undisturbed samples. The purpose of this paper is 
to present the results of tests conducted and to provide a 
comparison of the results. 

SITE GEOLOGY AND SOIL CONDITIONS 

The site investigated is located near Ames, Iowa, in a phys
iographic region known as the Late Wisconsinan Drift Plain. 
The surficial geologic sediments are glacial deposits, repre
senting the advance and retreat of the Late Wisconsinan 
glacier into the area about 12,000 years ago. The glacial 
sediments in this area generally fall into two broad genetic 
classifications: (a) subglacial Lill (rt:presenting materials trans
ported and deposited beneath or near the base of the ice mass) 
and (b) supraglacial diamicton (representing materi als trans
ported and deposited on or in the ice mass). Those two mate
rials have widely different geotechnical characteristics that 
result from the transport and depositional modes. 

The subglacial till (often referred to as "basal" till) is gen
erally dense to very dense and is very uniform in composition . 
By contrast, the supraglacial diamictons (often referred to as 
"ablation" till) are much more heterogeneous and can range 
from poorly sorted to well sorted and are often highly strat
ified depending on the degree to which water has dominated 
the transport or deposition . Those materials tend to be less 
dense and often are loose when compared with the subjacent 
subglacial till. Detailed studies of differences in geotechnical 
characteristics of those deposits in the study area have been 
previously described (1). 

Subsurface conditions at the investigated test site are gen
erally representative of a wide geographical area in the state 
and, on the basis of other regional site investigations, are 
typical of the glacial deposits. Beneath the soil solum, the 
sediments are oxidized and mottled down to a depth of about 
4 m. Immediately below this the soil color changes from brown 
to gray, indicative of unoxidized conditions. The water level 
in numerous boreholes at the time of field investigations was 
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measured at about 1.5 m; however, the soil colors indicate 
that past water levels have been as low as the boundary between 
the oxidized and unoxidized materials (i.e., at a depth of 
about 4 m). Pneumatic and vibrating wire piezometers installed 
at the site indicate that in situ pore water pressures are hydro
static in the till. The unoxidized zone represents a condition 
of permanent saturation and negligible oxygen activity, which 
accounts for the gray colors. Investigations were performed 
to a depth of 18.3 m and ended near the base of the unoxidized 
till, which is at about 22 m. 

Geotechnical characteristics of the site are illustrated in 
Figure 1. While the grain-size distribution and plasticity data 
shown indicate that the site is very uniform, in actuality the 
upper 2 m was quite stratified on the basis of visual classifi
cation of a CME continuous core . Water content and plasticity 
data all show that the natural water content is very close to 
or less than the plastic limit, which gives a liquidity index near 
zero. Thus, the soils may be highly overconsolidated. 

Grain-size distributions obtained by hydrometer analysis 
indicate that the tills are matrix dominated (i.e., clay-silt
sand) and cohesive. Matrix carbonates constitute almost 20 
percent of the composition and are dominated by dolomite. 
Previous studies of the clay mineralogy of this till indicate 
that the dominant mineral is montmorillonite (2). 
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SITE INVESTIGATION 

Drilling and sampling at the site were performed by using 
hollow stem augers and 76-mm-diameter Shelby tubes at 1.5 
m intervals. A standard penetration test profile was conducted 
in an adjacent borehole through the center of the hollow 
stems. Shelby tube samples were used to conduct oedometer 
tests and laboratory shear strength tests. Oedometer speci
mens were trimmed in both vertical and horizontal directions. 
Tests were performed on 63-mm-diameter samples in fixed
ring lever-arm consolidometers by using a load duration of 
24 h and a load increment ratio of 1. Determination of the 
oedometric yield stress (preconsolidation stress) was made by 
the Casagrande construction. A summary of geotechnical 
properties is presented in Figure 2. 

Results of oedometer tests interpreted in the conventional 
sense show that the soils are generally normally consolidated 
below a depth of about 8.4 m. SPT blow counts and undrained 
shear strength determined from unconfined compression and 
CIUC triaxial tests show stiff to very stiff materials . 

In situ tests were conducted at various depths throughout 
the profile to provide an estimate of in situ lateral stresses. 
Those included Marchetti dilatometer (DMT), prebored 
(Menard) pres~uremeter (PMT), full-displacement pressure-

Depth Soil Grain-Size Water Content Liquidity Carbonate 
pH 

Dry Unit Dispersion 
(feet) Description Distr ibution Index Content Weight 

(%) (%) (%) (Mgim 3 ) (%) 

0 
0 50 100 0 35 0 25 

Grey, Brown, 
Mottled Glacial Till. PL LL 

5 Oxidized with some i.--1 0 .2 8.22 1.76 55.9 
fractures . 

1 0 1---1 0 . 2 8 .21 1.78 40.5 ............... ... ... ...... .... .... 
1 5 • 1.90 39.0 

20 +--i 0 . 0 7 .96 1. 91 40.5 

25 l+-i 0 . 1 8 .00 1 .92 46 .6 

30 Massive grey till t---i 0 . 0 7 . 91 1.97 35.9 
deposit. Unoxidized 
state. No fractures. 

35 +---I 0 .0 7.99 1.96 36.9 

40 et----1 - 0 . 1 7.98 2 .02 45.7 

45 •t-1 -0 . 2 7 .84 1 .93 47.4 

50- +---t 0.1 8 .08 1.94 38.2 

55 11>--i 0 . 1 8 . 12 1.92 47.6 

60 t-----l 0.0 8 .00 1 .93 41.6 

!SJ Clay 0Sllt r.a Sard • Water Content 

FIGURE 1 Subsurface site characteristics. 



196 TRANSPORTATION RESEARCH RECO RD 1278 

Depth Soil N a' a:R Su 
(feel) Description (bpi) (kPa) max 

(kPa) 
. . 

0 - 1000 1 11 21 0 250 

Grey, Brown, 

5 -
mottled glacial 
till. Oxidized 6 • • .&• 
with fractures. 

1 0- 8 • • A 

--------- ... -... - - - ------------------------ ----------- ----- --------------
15- 1 0 • 

20- 12 • 

25- 1 3 • 
Massive grey till 
deposit. 

30- Unoxidized. 21 • 
No fractures. 

35- 22 • 

40- 25 • 

45- 32 • 

50- 26 • 

55- 20 

60- 23 

I • o'p - uo 

FIGURE 2 Site geotechnical characteristics . 

meter (PDPMT), and hydraulic fracture (HFf) tests. DMT, 
FDPMT, and HFf represent a "full-displacement" method 
of installation (i.e ., soil is forced away to install the measure
ment device). PMT represents a nondisplacement method of 
insertion and is actually installed after soil unloading. Clearly, 
the method of installation will affect the measured soil response. 
A brief description of the test procedures used for each test 
follows. 

Dilatometer Tests 

DMT tests were conducted by using a modification of the 
procedure suggested by ASTM subcommittee Dl8.02 (3). In 
addition to obtaining the lift-off (P0 ) and 1 mm (P 1) expansion 
pressures, the recontact pressure obtained by controlled defla
tion (P2 ) was also recorded. In soft saturated and normally 
consolidated clays , this last pressure reading has been shown 
to closely match the penetration pore pressures created hy 
advancing the DMT blade (4,5). Beginning at the ground 
surface, tests were performed at 0.3-m intervals throughout 
the entire 18-m profile . 

Tests were also performed by using the DMT as a total 
stress spade cell. After installation , repeated measurements 
of the lift-off (P0 ) pressure were made without obtaining the 

• •.a 

• M 

• • 
• •.& 

• •• 
• A • 
• • • 
• • 

•• 
• • • 

-<iv~ I • Qu A CIUC I 

P1 reading. In this way the change in total stress on the face 
of the blade as a function of time after installation was obtained. 
Measurements were made at each test depth until a stable 
value of P0 was obtained. 

Prebored Pressuremeter Tests 

Because the till is stiff and contains m:casional gravel particles , 
self-boring pressuremeter tests would not be feasible. Instead, 
tests were performed by using prebored probe. Tests were 
conducted in 76-mm-diameter Shelby tube cavities, using an 
NX-size PMT probe. A monocell probe (sans guard cells) 
with a nominal height/diameter ratio of 6 was used. The probe 
is designed with twin sets of instrumented strain arms located 
at 120 degree increments around the diameter of the probe 
such that the strain response in three directions would be 
obtained. Nitrogen is used as the expansion medium . There
fore, the problems with deairing a liquid-filled probe are 
eliminated. 

Tests were performed by using a metallic-sheathed rubber 
membrane. Testing was performed through the hollow stem 
augers immediately after opening the borehole cavity. Suf
ficient data points were obtained to define the in situ stress 
condition accurately by using graphical interpretation. Total 
testing time for each test was approximately 40 min . 
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Full Displacement Pressuremeter Tests 

The FDPMT is a total stress expansion test that measures the 
soil response to insertion and expansion of an assumed cylin
drical cavity. FDPMTs were conducted by using a Pence! 
pressuremeter, which was pushed into the ground at a rate 
of 200 mm/ ec by using the quasi-static thrust of the drilling rig. 

The probe has a diameter of 28 mm and is designed with 
a nominal cavity length to diameter ratio of 7. A 60 degree 
apex cone is attached to the fr nl of the prob at about fr 
diameters from the center of the pr be. Becau ·e fluid i. used 
in the cavity, the probe acts like a pressure cell during instal
lation and the cavity total stress immediately after installation 
may be obtained. 

Tests were performed by using two techniques: (a) imme
diately after installation the probe was expanded to give the 
cavity pressure/radial strain response and (b) after installation 
the total stress acting on the probe was allowed to come to 
equilibrium prior to conducting the cavity expansion. In both 
cases, a simple electrical screw pump was used to expand the 
probe. 

Hydraulic Fracture Tests 

HFTs were performed by using a push-in Casagrande-type 
piezometer. The probe consists of a bronze filter element 92 
mm in length with an external diameter of 32 mm, giving a 
length-to-diameter ratio of 2.9. The tip of the probe was located 
5 diameters in front of the leading edge of the filter and was 
constructed with a 60-degree apex. 

Test procedures for hydraulic fracture have been described 
by Bjerrum and Andersen (6) and essentially involve pushing 
the piezometer to the test depth, forcing water through the 
piezometer, and then monitoring the change in water pressure 
with the increased volume of pushed fluid. Fluid volume was 
injected at a constant rate by using an electrical screw pump, 
and water pressure was measured by using a simple pressure 
gauge control console. Tests were conducted in three stages, 
referred to as first fracture, close up, and reopen. 

First fracture refers to the first hydraulic fracture generated 
after the probe was pushed to the test depth. The point where 
this occurred was indicated by a sudden drop or a leveling off 
in pressure during pumping. After this occurred, the fracture 
was allowed to close by stopping the screw pump and then 
recording the drop in pressure with time. When the fracture 
closed, there was a sharp break in the rate of water flow into 
the soil. Following this, water was again forced into the frac
ture by using the same first-fracture procedure to reopen the 
fracture. 

Spade Cells 

To provide a basis for comparison of the in situ and laboratory 
test results, four push-in spade cells were installed at the site 
and were allowed to come to equilibrium. Earth pressure cells, 
manufactured by Soilinst, Inc. , with dimensions of 200 mm 
x 100 mm and a thickness of 5 mm, were statically pushed 
at the bottom of drilled holes at depths of 3.0, 4.5, 7.6, and 
13.7 m. Spade cells have been in place for over 5 months and 
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are being monitored at the present time (December 1989). 
The use of similar spade cells for estimating in situ lateral 
stresses in cohesive soils has been described by a number of 
researchers (7-9). 

INTERPRETING IN SITU LATERAL STRESSES 
FROM IN SITU TESTS 

Dilatometer Tests 

Marchetti had presented an empirical correlation between the 
DMT parameter K 0 and K

0 
with K 0 defined as 

(1) 

in which P0 is DMT "lift-off" pressure, u0 is in situ pore water 
pressure, and a,. 0 is in situ vertical total stress. The value of 
K0 in this correlation was primarily based on interpretation 
of laboratory oedometer tests by using the Brooker and Ire
land (10) correlations between OCR and PI and K 0 • There
fore, the accuracy of the prediction of K 0 is directly related 
to the accuracy of the prediction of OCR. 

The results of DMT tests are presented in Figure 3, in which 
the DMT pressure readings, P0 , P1 , and P2 are presented 
along with the parameter K0 and interpreted K0 values at 
each 0.3 m depth. There is a rapid increase in P0 down to a 
depth of about 3 m, after which the increase with depth is 
more gradual. K

0 
values interpreted from the DMT are all 

above a value of 1 and show a gradual decrease with increasing 
depth. 

In clays it has been shown ( 4) that the value of P2 represents 
a close approximation of the pore water pressures acting on 
the face of the blade as a result of penetration. Therefore, 
the difference P0 - P2 should closely approximate the effec
tive horizontal stress acting on the face of the blade shortly 
after penetration. Those values are presented in Figure 4 in 
comparison with the predicted values of a:.i0 from the DMT 
K 0 values. The values of P0 - P2 are about 2-3 times higher 
than the predicted a:.i0 , which may suggest that significant 
initial overstressing occurs in those materials as a result of 
the blade penetration, assuming, that is, that the DMT values 
are reasonably close to the correct values. This behavior is 
opposite of what occurs in softer clays where the initial hor
izontal effective stresses are very low and in fact are much 
lower than at-rest stresses [e.g ., as measured with the piezo
lateral stress cell (11)]. This behavior is also consistent with 
results of spade cells (8), which show significant overstressing 
effects in stiff clays. In soft clays, spade cells generally return 
to K0 horizontal stress conditions. 

The DMT was also used as a "spade cell" in the upper 13.7 
m by conducting only the first pressure expansion or "lift
off" inflation until a constant stress reading was obtained. An 
example of a typical response is presented in Figure 5. Gen
erally, equilibrium was reached in a short period, usually less 
than 4 hr. Those measurements represent the total horizontal 
stress acting on the face of the blade following dissipation of 
pore water pressure and relaxation of total stress generated 
during penetration . Those are not at-rest horizontal stresses 
but are in situ horizontal stresses created as a result of the 
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blade penetration. They may be thought of as representing 
an absolute upper-bound value of horizontal stress (i.e., the 
actual at-rest stresses must lie below those values). Thus, they 
provide a boundary below which all other estimates of in situ 
lateral stresses must lie. The profile of those values, corrected 
for in situ pore water pressure, are presented in Figure 6 aluug 
with li1Jes of effective horizontal stress for various K 0 values. 

The trend in Figure 6 indicates increasing effective stress 
with depth, which would be expected in a material with a 
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FIGURE 6 DMT P0 dissipation results. 

constant K. The values, however, indicate stress conditions 
generally well above a K0 value of 4 in the upper 6 m, which 
may seem unrealistic. 

Full-Displacement Pressuremeter Tests 

The insertion of the cylindrical probe of the FDPMT is much 
like the installation of a fluid-filled stress cell. In this study, 
the probe was installed by quasi-static penetration in the same 
way that the DMT was installed. After insertion, the stress 
was allowed to come to equilibrium in the same way that the 
DMT P0 dissipation tests were conducted (i.e., sufficient time 
was allowed for the stress to reach a constant value) . 

The results of those stabilization tests are presented in Fig
ure 7. Those results are generally lower than those measured 
with the DMT P0 dissipation tests. 

Hydraulic Fracture Tests 

HFTs were interpreted by using the reopen curve following 
initial fracture and close up. In this way it is postulated that 
any tensile strength in the soil is eliminated from the stress 
measurement. A typical fracture curve is presented in Figure 
8. The abrupt drop in pressure on first fracture represents a 
brittle response and was typical for most of the tests conducted 
in this stiff till . This is unlike fracture tests conducted in softer 
clays or silts by using the same probe (12) in which the first 
fracture and reopen stresses are nearly the same. 

The majority of the literature concerning HFT in clays has 
suggested that it is not possible to measure horizontal stresses 
higher than vertical stresses, despite the fact that K 0 values 
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FIGURE 7 Results of full-displacement pressuremeter 
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greater than 1 have been reported in a number of cases (13,14). 
The estimate of horizontal stresses in soils , using hydraulic 
fracture, is predicated on the fact that a vertical fracture must 
develop. In the past (6,13,15) , HFT, using push-in piezom
eters, used a probe with a short filter located on or just above 
the conical tip. Lefebvre et al. (16) have shown that an increase 
in the length of the filter element increases the likelihood 
that a vertical fracture will develop. In the present study, 
the probe had a long (LID = 3) filter located 5 diameters 
behind the tip. This increases the likelihood of developing 
vertical fractures in the soil and thus the measurement of 
horizontal stresses. This is also consistent with cylindrical 
cavity expansion theory (17) . 

The results of HFTs conducted at the site are presented in 
Figure 9. Two of the tests did not show brittle behavior and 
gave low stresses. The probe may have been in sand lenses 
at those two depths. The magnitude of stresses indicated in 
Figure 9 are close to DMT P0 dissipation stresses previously 
illustrated in Figure 6 but higher than the FDPMT results in 
Figure 7. 

Spade Cells 

Tedd and Charles (8) suggested that a correction should be 
applied to the stresses measured with spade cells to account 
for the over stress created by insertion . The tentative correc
tion is based on undrained shear strength, in this case obtained 
from unconfined compression and CIUC triaxial tests . The 
results of spade cell readings, both uncorrected and corrected, 
are presented in Figure 10. The spade installed at a depth of 
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30 

7 .6 m may have been damaged during installation because 
the measured stress is very low. 

The uncorrected values illustrated in Figure 10 are consid
erably less than stresses obtained from DMT P0 dissipation 
test . Thi suggests that in this material there is a dependency 
of th tabilized aH on geometry of the flat plate. This is the 
basis behind the K0 -stepped blade . Because the spade cell 
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FIGURE 10 Spade cell results. 

may represent a condition of less disruption in the stress field 
in a very stiff clay when compared with the DMT, the uncor
rected values illustrated in Figure 10 may now be considered 
to represent upper-bound values of in situ stresses. 

Prebored Pressuremeter Tests 

Results of individual PMTs were analyzed graphically to pro
vide a measure of in situ stresses. The probe alignment was 
fixed during testing such that the strain arms were located at 
the same orientation for each test depth. The results from 
each set of strain arms were analyzed individually to give an 
independent measure of horizontal stress. The results indi
cated very little difference and no trend with depth. There
fore, it appeared that the stresses were equal in all directions. 
The value of horizontal stress for each depth was taken as 
the average of the three directional values. 

The results of interpreted horizontal effective stresses are 
presented in Figure 11. In the upper 5 m, values of K 0 on the 
order of 3-5 are indicated. However , below a depth of 6 m, 
it appears that K0 approaches a much lower value of about 
0.6. The interpreted ho1izu11Lal stresses from the PMTs were 
taken as the tangent stress to the linear portion of the pressure 
expansion curve. Therefore, those values represent the max
imum possible value of stress that could be interpreted from 
the curve. Even so, the results of Figure 11 indicate that in 
the lower till K 0 values are all less than 1. The results of 
Figure 11 compare very well with corrected spade cell stresses. 
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ESTIMATING IN SITU LATERAL STRESSES 
FROM LABORATORY TESTS 

\ 4 

1000 

The prediction of in situ lateral stresses based on laboratory 
tests in cohesive soils has generally relied on empirical rela
tionships between stress history and K0 (most notable are 
those presented by Brooker and Ireland (10)]. Those gen
erally make use of the oedometer OCR and plasticity. More 
recently, Mayne and Kulhawy (18) have presented sugges
tions for estimating lateral stresses based on stress history and 
effective friction angle. A distinctly different approach to esti
mating lateral stresses more directly was presented by Becker 
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et al. (19), where the work energy method was used to esti
mate the in situ stress state. In this method an oedometer test 
on a horizontally oriented sample is needed to estimate the 
horizontal stress. 

An accurate measure of the preconsolidation stress is needed 
to make use of the laboratory oedometer tests and OCR. For 
the tills tested in the current study, some difficulty was expe
rienced in accurately predicting a; because of the gentle cur
vature in the e log p curves. For this reason, and to provide 
an upper-bound laboratory estimate of K 0 , the maximum 
possible value of a; was taken from the oedometer curves. 
Therefore, OCRmax was used to predict K 0 for the first two 
methods. 

Brooker and Ireland 

Perhaps one of the most oft-quoted methods for estimating 
the at-rest coefficient of lateral stress is that presented by 
Brooker and Ireland (JO). A series of laboratory tests were 
conducted in their study, using an instrumented oedometer, 
by consolidating artificially remolded soil mixtures and then 
unloading to give a desired OCR. Thus, the results do not 
simulate other than young soils without a developed structure 
under simple mechanical unloading. The resulting curves relate 
K0 to OCR and P .I., although in no case is K0 greater than 
3. K0 values estimated for the site investigated by using the 
Brooker and Ireland's data and results of oedometer tests are 
presented in Table 1. Those data show a decrease in K 0 below 
a depth of 3 m as OCR decreases with K 0 values all less than 
1. Obviously, the prediction of K0 is solely a function of how 
well the oedometer yield stress may be evaluated . 

Mayne and Kulhawy 

Mayne and Kulhawy (18) conducted a comprehensive review 
of the literature and presented several relationships between 
OCR and K 0 on the basis of laboratory test results. An 
approximate upper limit of K0 = 3 is again noted in cohesive 

TABLE 1 PREDICTED K0 VALUES FROM LABORATORY TESTS 

Depth 
_(ml_ 

1. 5 
3.0 
4.6 
6.1 
7.6 
9.1 

10.7 
12.2 
13.7 
15.2 
18.3 

K 
a 

1 - sin.P 

1 + sini/i 

Brooker & Ireland Ll..Q..l 

1.1 
2.0 
1.0 
1.2 
0 . 9 
0.9 
0.8 
0.8 
0.8 
0 . 7 
0.9 

, 
, - 0.2 

Mayne & Kulhawv 

K = 
p 

1.1 
2 . 2 
0.9 
1. 5 
0.9 
0 . 9 
0.8 
0.8 
0.8 
0 . 6 
0 . 9 

1 + sin.P 

1 - sinljl 

' 

(.1fil 

- 4.9 

Becker. et al. WU 

1.1 
2.0 
0.9 
0.7 
0 . 6 
0.3 
0 . 3 
0 . 3 
0.4 
0.3 
0.3 
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soils. Mayne and Kulhawy suggest that K0 during loading
unloading may he rel;iterl to the effective friction angle of the 
soil, <J>', and OCR by 

K 0 = (1 - sin<!>)' OCR'1" <1> ' (2) 

A series of consolidated-drained direct shear tests conducted 
on the unoxidized till from the lest site gave<!>' = 41 degrees. 
Resulting values of K 0 predicted from Equation (2) are given 
in Table 1. Interestingly, those values are very close to the 
K0 values predicted from the Brooker and Ireland method . 
It is reasonable to expect that the soils at this site have under
gone simple unloading as a result of removal of the ice over
burden during deglaciation. No evidence of groundwater 
fluctuations are present in the unoxidized zone. 

Work .Energy Method 

The two previous techniques described yield values of K 0 and, 
therefore, give indirect estimates of at-rest lateral stress. The 
work energy method presented by Becker et al. (19) gives 
a more direct estimate of cr~0 making use of laboratory 
oedometer data. 

This method is essentially a graphical technique to enhance 
data presentation from oedometer tests to provide estimates 
of yield stress. Data are presented in terms of work-per-unit
volume and are plotted on arithmetic scales. By trimming a 
sample to apply loading in the horizontal direction, an esti
mate of the in situ horizontal effective stress is obtained. See 
the paper by Becker et al. (19) for more complete details. 

Results of interpretations of horizontal loading oedometer 
tests by using this procedure are given in Table 1. K

0 
values 

calculated by using this method range from 2.0 at a depth of 
3 m to 0.3 below a depth of 9.1 m. Except for the tests at 1.5 
and 3.0 m, this method appears to give estimates of K

0 
that 

are lower than other estimates and, thus, may be urneali~lit:. 
Active and passive earth pressure coefficients calculated by 
using a simple Rankine analysis and direct shear test results 
are also shown in Table 1. 

COMPARISON OF RESULTS 

The comparison of different methods to predict at-rest hor
izontal ground stresses or alternatively K0 presents a dilemma: 
what is considered correct and what is expected? None of the 
methods presented have any particular preference over the 
others in stiff cohesive materials; that is, all of the in situ tests 
were performed with about the same degree of difficulty. On 
the basis of simple classification and property tests (i.e., liq
uidity index and unit weight), the soil might be expected to 
behave as highly overconsolidated. On the basis of geologic 
history (i.e., prior loading by a continental ice sheet), the soil 
might be expected to behave as highly overconsolidated. By 
themselves, those conditions may lead to a belief that the in 
situ state of horizontal stress is high. 

Results of laboratory oedometer tests tend to indicate that 
although the soils are very dense they are only lightly to 
moderately overconsolidated below a depth of about 9 m. On 
the basis of various laboratory predictions, K

0 
would have a 
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value of between 0.6 and 0.9 in this zone. Those values are 
reasonably close to the prebored PMT and the spade cell 
located at 13.7 m, which suggests a K 0 value close to 0.5. The 
full-displacement tests (DMT, FDPMT, and HFT) give much 
higher stress values and suggest K 0 values between 2 and 4, 
still below the theoretical predicted passive failure ratio of 
4. 9. Those high values should generally be expected and sug
gest that significant overstressing occurs in this stiff till as a 
result of the full-displacement mode of installation. 

The overstressing should be related to the geometry and 
volume displacement of the probe, which may indicate that 
the stepped blade or tapered blade may be applicable in those 
stiff materials. However, to provide a more appropriate inter
pretation, it may be better to allow the tests to reach a sta
bilized value prior to extrapolating for the in situ value of 
effective stress. 

Investigations of in situ stresses in glacial clay tills and other 
stiff clays by using in situ and laboratory tests have suggesleu 
that the K0 values presented from the laboratory tests in this 
study are reasonable. Powell .et al. (9) presented results of 
oedometer, spade cell, suction tests, and Menard pressureme
ter tests at Cowden in the United Kingdom. The tills have 
nearly the same P.I., liquidity index, texture, and unit weight 
as the Ames test site described here. K

0 
values in the upper 

4 m ranged from 6 to 1.2. Below this depth, K 0 = 1. At 
another site in the United Kingdom, Al-Shaikh-Ali et al. (20) 
presented K0 values ranging from 1.0 to 0.7 for a "lodgement 
till" with similar classification properties. The values were 
based on in situ packer (nondisplacement) hydraulic fracture 
tests, laboratory fracture tests, and oedometer tests. The 
material investigated was a low-plasticity low-water content
saturated till, which had a liquidity index near zero. Carder 
and Symons (21) also reported very good agreement between 
push-in spade cells, self-boring pressuremeter, and dilatometer 
tests in stiff London clay. 

Because of the grain-size distribution and glacial deposi
tion, the till investigated in the present study has a high unit 
weight. The cohesive nature of the material apparently has 
led to the development of substantial tensile strength in the 
soil, as was evidenced by a sudden drop in pressure during 
hydraulic fracture tests. This tensile strength contributes to 
the general conception that the till should behave as over
consolidated and exhibit high in situ stresses throughout the 
full depth, although this does not appear to be the case. 

CONCLUSIONS 

Results of a laboratory and field investigation to predict in 
situ horizontal effective stresses at rest in a dense, stiff glacial 
till have been presented. In the upper 3 m of the deposit, K 0 

values as high as 4 may be realistic . However, in what appear 
to be moderately overconsolidated soils, K 0 values on the 
order of 0. 7 to U.9 appear more realistic below a depth of 
about 7 m. 

The full-displacement in situ tests used only serve to provide 
an upper bound on the actual at-rest horizontal stresses, while 
the prebored strain-arm pressuremeter gave results more in 
line with conventional laboratory interpretation and push-in 
spade cells. In this soil, the empirical correlation offered by 
the dilatometer gave reasonably good estimates of K 0 • How-
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ever, this should be expected, considering the source of the 
correlation. In a strain-hardening soil that requires significant 
strain to reach peak strength such as investigated in this study, 
field techniques such as the stepped blade or tapered blade, 
used in a full dissipation mode, may provide meaningful results. 
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Laboratory Measurement of Lateral Stress 
Induced by a Cavity Expansion in a 
Hollow Cylinder Cell 

I. JURAN AND B. MAHMOODZADEGAN 

The use of a specially designed hollow cylinder cell in the mea
surement, under laboratory controlled conditions, of the lateral 
stress and the excess pore water pressure induced by a cavity 
expansion in both clayey and granular soils is discussed. The 
hollow cylimler cell permits the performance of a cavity expansion 
test in an annular soil specimen under three independent stresses 
(i.e., axial stress , radial cavity pressure, and lateral confining 
stress) with mea urement of cavity volume change and excess 
pore water pressures at several locations in the soil specimen. 
Effective stress analysis of the soil response to the cavity expan
sion illustrates that the effective lateral stress is independent of 
the specimen geometry, and intrinsic effective stress-strain rela
tionships can be derived from the experimental expansion curve. 
However, the specimen geometry does affect the excess pore 
water pressure generated under undrained conditions, and, there
fore , the total stress analysis convcntiorrnlly used for interpre
tation of pressuremeter test result i not apprnpriate for analy ·is 
of hollow cylinder cavity expansion test. 

Today, pressuremeter and dilatometer tests are being used 
increasingly to measure the soil response to cavity expansion 
and to obtain engineering soil properties for design purposes. 
For fine-grained saturated soils, a total stress interpretation 
procedure to derive the shear curve (i.e., modulus and 
undrained cohesion) from the pressuremeter expansion curve 
was proposed by Baguelin et al. (J). 

More recently, electric piezo-cells have been incorporated 
in the pressuremeter probe, as was reported by Baguelin et 
al. (2), Canou and Tumay (3), and Juran and Beech (4). 
Measurement of the excess pore water pressure generated by 
the expanding cylindrical cavity can be used to develop effec
tive stress interpretation procedures capable of providing the 
in situ effective shear strength characteristics, compressibility, 
and dilatancy properties of the soil ( 4). 

This study has been conducted to investigate the effective 
lateral stress response to a cavity expansion in both granular 
and saturated clayey soils. A hollow cylinder cell (HCC) was 
designed to perform cylindrical cavity expansion tests in annu
lar soil specimens under three independent stresses (i.e., axial 
stress, radial cavity pressure, and lateral confining stress). The 
instrumentation of the HCC allows the measurement of the 
cavity volume change and the excess pore water pressures at 
three locations within the specimen. 

The HCC equipment and its instrumentations have been 
described by Juran and BenSaid (5), who indicated that the 

Department of Civil and Environmental Engineering, Polytechnic 
University, 333 Jay Street, Brooklyn, N.Y. 11201. 

procedure proposed by Baguelin et al. (J) to derive the intrin
sic shear curve of the soil from expansion curves obtained 
from pressuremeter tests cannot be used for the interpretation 
of hollow cylinder cavity expansion tests in annual soil spec
imens of finite dimensions. Juran and BenSaid proposed a 
total stress analysis procedure that takes into account the 
effect of sample geometry on the soil response and yields the 
shear modulus and undrained cohesion of the soil. 

This paper focuses on the effective stress analysis of the 
soil response to cylindrical cavity expansion in the HCC. 
Interpretation procedures, based on effective stress analysis, 
are proposed that permit simulation of cavity expansion in 
both granular and saturated clayey soils. The proposed inter
pretation procedures are evaluated through the analysis of 
hollow cylinder cell cavity expansion tests (CETs) in both 
Fontainbleau sand and silty clay specimens. It is illustrated 
that the effective lateral stress generated by the cavity expan
sion is independent of the specimen geometry and that intrin
sic effective stress-strain relationships can be derived from the 
cavity expansion curve. However, the specimen geometry does 
affect the excess pore water pressure generated under undrained 
conditions and, therefore, the total stress soil response. 

CAVITY EXPANSION TESTS IN A SATURATED 
CLAYEY SOIL 

Laboratory cavity expansion tests, under controlled drainage 
conditions, yield measurement of the total lateral stress and 
the excess pore water pressure generated during cavity expan
sion. Those results can be used for two main purposes: (a) to 
derive the effective stress-strain relationships of the soil or 
(b) to evaluate analytical/numerical models developed to 
predict the lateral stress response of the soil to cavity expan
sion. 

Theoretical Considerations and Interpretation 
Procedure 

The first part of this study focuses on development and eval
uation of an effective stress analysis procedure to predict the 
effective lateral stress generated by the cavity expansion in 
saturated annular (HCC) specimens of a silty clay. The pro
posed interpretation procedure is based on the assumptions 
that follow. 
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Soil Model 

A soil model, proposed by Juran and Beech (4), is considered, 
assuming the soil to be an isotropic, elastoplastic, strain
hardening material with a nonassociated flow rule. The strain 
hardening is assumed to be isotropic, with the hardening 
parameter being the shear strain defined as 

where £ 1 , e2 , and e3 are the principal strains, with E 1 > E 2 > 
E3 . For a plane strain cylindrical cavity expansion, E1 = E,, E2 

= E,, and EJ = Ea, where e,, e,, and Ea are the radial, vertical, 
and tangential strains, respectively. 

Yield Function 

A Mohr-Coulomb-type yield criterion is considered to define 
the yield surface with an open elastic domain . The assumed 
yield function can be written as 

F(O',-y) q - qo('y) - h( ) 
p' 'Y 0 

where 

O' = stress tensor, 
q = (a; - a;)/2 ( deviatoric stress), 

p' = (a; + a~)/2 (average effective stress), 
h('y) = strain-hardening function, 

q0 (-y) = deviatoric stress at p' = 0, and 

(2) 

a;, a; = major and minor principal stresses, respectively 
(for cylindrical cavity expansion, a; = a; and 
a; = a~ , where a; and u~ are the effective 
radial and tangential stresses). 

For a contracting (normally consolidated) cohesive soil, the 
hardening function h(-y) is assumed to be of hyperbolic form: 

Yield Function f (Q::, y) 

h(-y) = _'Y_ 
a + b-y 

with 

a = ab!G b 

where 

1/sin <Pcv 

ab = initial consolidation pressure, 
G = shear modulus, and 

<l>cv = effective critical state friction angle. 
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(2a) 

As was indicated by Juran and Beech (4), the soil reaches 
the critical state (i.e., plastic flow at constant volume) at a 
finite shear strain 'Yt, and, therefore, the assumption of a 
hyperbolic strain-hardening function results in an underesti
mation of the stress ratio qlp' at large shear strains. Consid
ering this experimental observation, the yield function was 
modified to take into account the perfectly plastic soil behav
ior at large strains (i.e., 'Y > "It), assuming that the failure 
shear strain "It is independent of the stress path and a "mod
ified" strain-hardening function is considered. 

h*(-y) = _ 'Y'-
a + b*-y 

where 

a = ub!G b* = 1/sin <l>cv - ab! G · "It 

(2b) 

The hyperbolic and "modified" h('y) functions are illustrated 
in Figure la. 

Plastic Flow Function 

A stress ratio-dilatancy function of the form proposed by Nova 
and Wood (6) is assumed: 

TJ 
de v 
- = TJ(qlp') 
d-yP 

(3) 

sin ¢cv 
--------~"'------·-- - - - - - -

~ 
~- h ( Y) = a + b Y 

y 

(Q) 

a. 

sincf>cv 
- 2-

- Plastic Com pressi bi lity 
Function 

(Nova and Wood, (6) 

* CT.a' 
b = 

s l n r/>cv - Gyf 

FIGURE 1 Definitions of (a) yield function and (b) stress ratio-dilatancy function. 
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where dE~ and d-yP are the plastic volumetric and deviatoric 
strain increments, respectively. The assumed hyperholic func
tion TJ(q/p'), with an initial linear portion characterized by a 
contractancy modulus(µ), is schematically illustrated in Fig
ure I b. As tbe soil reaches the critical tare ( -y 2!: 'Yr) , TJ i 
equal to zero, indicating no plastic volume change. Having 
defined TJ(q/p '), a nontlssociated plastic flow fun tion Q(qlp') 
can be derived, assuming the coincidence of the axes uf prin
cipal stresses with those of the corresponding plastic strain 
increments. 

The proposed model defined by ~ quntion · 2b and 3 (Figure 
1) requires an experimental determination of five soil char
acteristic paramete rs: Gia~ , v (Poisson's ratio), <l>m -y1, and 
µ. If the oi l hear strength paramet rs include a cohesion 
intercept, then the function q0(-y) must also be determined. 
Those parameters can be obtained from either triaxial tests 
(CD test with measurement of the volume change or CU test 
with measurement of the pore water pressure) or hollow cyl
inder cell test with measurement uf the pore water pressure 
generated at the expanding cavity facing. 

Effective Stress Analysis Procedure 

To simulate numerically an undrained cavity expansion test 
in a saturated fine-grained soil specimen, the proposed soil 
model is incorporated in an effective stress analysis procedure. 
This procedure, an extension of the analytical method pro
posed by Juran and Beech ( 4) for interpretation of pressure
meter tests in a clayey soil, takes into account the boundary 
conditions corresponding to the HCC and involves the following 
steps: 

1. A boundary displacement increment dx0 is applied at the 
cavity facing. The induced total strain increments (dE,, dE 0) 

are calculated from the compatibility relationship considering 
the specific test conditions of vertic<1l plane strain (dE, = 0) 
and undrained expansion (dEv = 0). The shear strain incre
ment d-y at a radial coordinate r is given by 

.!"i .!"idxoro d-y(r) = y.J dE 0 = v3-
2
-

r 

at the cavity facing (r = r0) 

2. The test conditions (i.e., dE, = 0, dEv 

following expression for the (;.) function: 

or 

e -.2v') . (~) 
_ (-1 ) . (<IT,,. ) 

2G d'Y 

d-y - (1 ~:v') dp' + C~) dTact 

(4a) 

(4b) 

0) yield the 

(Sa) 

(Sb) 
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where 

dE v, dE~ = total and elastic volumetric strain increments, 
respectively, 

d-y, d-ye total and elastic shear strain increments, 
respectively, and 

T a ct l/y'2 ((er, - er0)
2 + (er0 + er,) 2 + (er, - er,)2]''2 

(octahedral shear stress). 

The vertical plane strain condition implies er0 = v'(er, + er, ), 
and, therefore, 

T ac t = p'[3h*(-y) + (1 - 2v')2] 112 (6) 

3. The constitutive equations (i.e., Equations 2b and 3) 
derived from triaxial test results, coupled with Equations Sb 
and 6 provide a solution for the effective stress increments at 
the cavity facing, der;(r0 ) and er~(r0), as a function of the 
shear strain. 

As will be indicated, the solution for the effective stresses 
at the cavity facing is independent of the sample geometry 
and the boundary conditions applied at the external facing of 
the specimen. Therefore, the HCC can be adequately used 
to evaluate numerical models and analytical procedures devel
oped to predict the effective stress soil response. However, 
the sample geometry and the boundary lateral stress do affect 
the excess pore water pressures generated by the cavity 
expansion and, thus, the total stress response. 

4. The shear strain variation -y(r) throughout the sample 
can be determined from Equation 4a. The solution derived 
for the effective stresses at the cavity facing can then be 
used to establish the variation of effective stresses [q = q(r), 
p' = p'(r)] as a function of the spatial coordinate r. 

S. The total stress increment der, can be calculated from 
the radial equilibrium condition 

(7) 

(where pis the actual radius) considering the boundary con
ditions der,(R) = 0, where R is the external radius of the 
specimen. 

The excess pore water pressure is given by 

u(p) = er,(p) - er;(p) (8) 

recalling that 

er;(p) = q(p) + p'(p) (9) 

Experimental Study 

The soil used in this part of the study was a low plasticity silty 
clay with liquid and plastic limits of 3S percent and 21 percent , 
respectively. The grain size distribution of this soil contains 
9S percent < 80 µm, SO percent < 2 µm, and 26 percent < 
0.2 µm . 
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Soil Properties 

Triaxial undrained (CU) and drained (CD) tests were per
formed to obtain the material properties for the proposed soil 
model (i.e., Equations 2b and 3). Figure 2 presents the typical 
results of CU tests on two lightly overconsolidated specimens 
of the soil used in this study. In the q-p' plane, the effective 
stress paths followed by the soil in different tests are geo
metrically similar, and the "iso--y" curves can be approxi
mated by straight lines (Equation 2). For normally consoli
dated specimens, q0(-y) = 0. Figure 2 also illustrates that the 
stress paths actually reach the failure envelope at a finite shear 
strain 'Yr of about 8 percent, contrary to the assumption of 
the hyperbolic model that implies "It = oo. 

Figure 3 illustrates the strain-hardening function h*(-y) and 
the stress ratio-dilatancy relationship TJ(qlp') derived from the 
results of the triaxial CU and CD tests. CU and CD tests 
yield nearly an identical h*('Y) function . However, a signifi
cant difference exists in the TJ(qlp') functions obtained from 
the results of those two tests. The contractancy modulus (µ,) 
values obtained from the CU test results were found to be 
significantly greater (i.e., 2.5 to 2.9) than those obtained from 
the CD tests (i.e., 1.0 to 1.2) . This substantial difference in 
the experimentally determined µ, values indicates that in a 
normally consolidated clay the TJ(qlp') function appears to be 
stress-path dependent. 

Cavity Expansion Tests 

To investigate the validity of the proposed effective stress 
analysis procedure, cavity expansion tests (CETs) were per
formed in a specially designed HCC. Figure 4 presents a 
schematic view of the HCC and its instrumentation (5). 

In this cell, an annular soil specimen (internal and external 
radii of 1and5 cm, respectively) is subjected to three indepen
dent stresses: the axial stress, u,; the radial cavity pressure, 
uc; and the lateral confining stress, uR . The cell is equipped 
with three pore water pressure transducers located at the 
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20 

FIGURE 3 (a) Strain-hardening and (b) stress ratio-dilatancy 
functions derived from triaxial CU tests results. 

bottom of the cell at distances of 16, 30, and 44 mm from the 
cavity center. The volume changes of both the soil and the 
internal cavity are recorded during the expansion test. A cav
ity expansion curve relating the applied cavity pressure uc to 
the cavity volume change ave is obtained , which is similar to 
typical results of in situ self-boring pressuremeter tests (1) . 

200 

dE/, p 1 
( kPa) 

300 

FIGURE 2 Effective stress paths obtained from triaxial CU tests on specimens of a silty clay. 
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POROUS STONE 

~ SECTION A-A' 

DRAIN 

~ ANNULAR SPECIMEN 

FIGURE 4 Cross-sectional scheme of the hollow cylinder cell 
[after Juran and BenSaid (5)]. 

Figure 5 presents typical results of an undrained CET with 
initial consolidation pressure of Pb = 250 kPa. In addition 
to the expansion curve and the measured excess pore water 
pressures, the measured vertical strain is presented in this 
figure. As observed, the maximum vertical strain measured 
during this test was less than 1 percent, which is an indication 
of the validity of the plane strain assumption for the test 
conditions of the HCC. 

Figures 6 and 7 present the cavity expansion curves and the 
excess pore pressures at the cavity facing measured during 
two additional CET tests with initial consolidation pressures 
of 150 and 200 kPa, respectively. 

Analysis of the CET Results 

The proposed effective stress analysis procedure permits sim
ulation of the effective radial stress response to a cavity expan
sion in the annular HCC specimen and requires an appropriate 
determination of the soil constitutive equations (2b and 3) 
from the results of triaxial CU and CD tests. However, anal
ysis of the triaxial test results (Figure 3) illustrate that for the 
normally consolidated clay specimens, while a rather unique 
h*('y) function can be obtained, the derived stress ratio
dilatancy relationship TJ(qlp') appears to be stress path depen
dent. Therefore, in evaluating the proposed procedure, rather 
than arbitrarily selecting a TJ(q/p') function to predict the 
effective lateral and tangential stress (i.e., a;, cr~) response, 
an attempt is made to compare the TJ(q/p') function obtained 
directly from the CET results with those derived from the 
triaxial CU and CD tests. 

To determine the stress ratio-dilatancy function directly 
from the cavity expansion test results, Equations Sa and 6 
were used simultaneously, along with the h*(-y) function 
determined from the triaxial CU and CD test results. Figure 
Sa illustrates that the stress ratio-dilatancy function TJ(qlp') 
determined from the CET results (1.5 < µ < 2.0) lies within 
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FIGURE 5 Typical results of an undrained cavity expansion test. 

a range bounded by those obtained from triaxial CU (2.5 < 
µ < 2.9) and CD (1.0 < µ < 1.2) tests. Those results are 
consistent with the effective stress paths, obtained for those 
three types of tests , as is indicated in Figure Sa for Pb = 

250 kPa. 
The proposed effectiv stress analysis was used , considering 

the obtained TJ(qlp') function and taking µvalues of 1 and 2, 
to simulate the cavity expansion tests conducted with pb = 
150 and 200 kPa. Figures 9 and 10 present the compari n 
between the predicted and measured total laLt:ral sLress re ponsc 
and the generated excess pore water pressures for the two 
tests. Those comparisons illustrate that with the derived µ 
value (1.5 < µ < 2.0), the proposed model will predict fairly 
well the range of the excess pore water pressures generated 
by the cavity expansion. However, the lateral stress soil response 
is underestimated. For a value of contractancy modulus (µ) 
of 2, the difference between the predicted and experimental 
lateral stress response curves (Figure 9a) attains a maximum 
of about 1.'i percent. This difference is partially due to sample 
preparation effects that result in local heterogeneities within 
the specimen . Such heterogeneities were evidenced by irreg
ularities in the cavity shape at the completion of the test. End 
effects were minimized, using a double membrane system 
lubricated with grease. However, the difference between the 
predicted and experimental results also can be attributed to 
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FIGURE 6 (a) Cavity expansion test results under P~ = 150 
kPa and (b) comparison of the derived shear curves by using 
effective and total stress analyses. 
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FIGURE 7 (a) Cavity expansion test results under P~ = 200 
kPa and (b) comparison of the derived shear curves by using 
effective and total stress analyses. 
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the limitations of the proposed soil model and particularly to 
the high sensitivity of the predicted results to small variations 
in µvalues. 

Evaluation of the Specimen Geometry Effect on the 
Derived Shear Curve 

Interpretation of cavity expansion curves produced by pres
suremeter in saturated clayey soils is conventionally based on 
the total stress analysis procedure proposed by Baguelin et 
al. (J). This analysis procedure is derived by using the radial 
equilibrium and c mpatibility equations, a urning that a unique 
h ar curve q = g(E0) can be obrnined for the saturated incom

pressible semi-infinite soil medium, which would be indepen
dent of the spatial coordinate r. This shear curve can be 
expressed as 

(10) 

where 

(11) 

Because the HCC specimen does not represent a semi-infinite 
medium, the shear curve derived from this total stress analysis 
is not unique. In particular, at the external facing of the spec
imen (r = R), the boundary conditions imply daR = 0 while 
dE 0 = dxR!R (dxR and daR are the radial displacement and 
the lateral stress increments at r = R, respectively) . There
fore , this total stress analysis does not permit an appropriate 
consideration of the effect of specimen geometry and the 
boundary conditions on the soil response to cavity expansion. 

To evaluate the effect of specimen geometry, the shear 
curves derived from the HCC test results, using Baguelin's 
procedure, are compared with reference shear curves. Those 
reference curves were established by coupling the soil strain
hardening function, obtained from triaxial tests, with the 
effective lateral stress measured at the cavity facing. The 
equation used to determine the reference shear curves is 
independent of the boundary conditions and can be written 
as 

I h*( ) h*('y) [ A l q = p . 'Y = 1 + h*(-y) ac - u.U (12) 

Figures 6b and 7b illustrate the comparisons between the 
shear curves obtained by using Equations (10) and (12) for 
the cavity expansion tests conducted under p~ = 150 and 200 
kPa. Those comparisons illustrate the substantial effect of the 
analysis procedure on the derived shear curve, indicating that 
the specimen geometry significantly affects the total stress soil 
response to cavity expansion. 

To investigate the specimen geometry effect further, the 
test conducted under p~ = 150 kPa was numerically simulated 
for increasing values of the external to internal specimen radius 
ratios (Rlr0). The results of those simulations (Figure 11) indi
cate that a unique lateral effective stress curve is obtained 
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FIGURE 8 Comparisons of (a) the derived stress ratio-dilatancy functions and (b) the effective stress 
paths from triaxial CU, CD, and cavity expansion tests. 

and the total stres and excess pore water pressure depend 
on the specimen geometry. An increase in the Rlr0 ratio of 5 
to 50 results in an increase of only 10 percent in the total 
lateral stress and an equal decrease of the excess pore water 
pressure. 

Figure 12 presents the shear curves derived from the the
oretical expansion curves in Figure 11, using Baguelin et al. 's 
t ta! stress a11aly ·is. Those re ·ults indicaLe that as the R/r11 
increases the hear curves approach the reference shear curve. 

The results presented in Figures 11 and 12 indicate that the 
specimen geometry has no effect on the effective lateral stress 
re p nse of soils to cavity expansion but can significantly affect 
the to!al lateral 'tress respon ·e and the generated exce . p re 
water pressure. 

CAVITY EXPANSION TESTS IN SANIJS 

Theoretical Considerations and Interpretation 
Procedure 

The soil model described earlier was extended by Juran and 
Mahmoodzadegan (7) for analysis of cavity expansion tests 
in sands. This soil model, which tflkes into account the dilating 
and contracting sand behavior or both, was incorporated in 
an analysis procedure for interpretation of pressure meter tests 
in sands. This analysis procedure, derived from the compat
ibility and the radial quilibrium conditions for cylindrical 
cavity expansion, yields an expression for the shear curve, 
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FIGURE 9 Comparisons of (a) the experimental and predicted 
expansion curves and (b) experimental and predicted excess 
pore water pressure curves under P~ = 150 kPa. 

which can be incrementally derived as 

Ee . 1 + Ee 

1 - sin ~ 1 - Ee 

where 

. t . a(sin ~) 
sm .,, = sm ljJ - 'Y • --

a'/ 

(13) 

(14a) 

and ljJ is the dilation angle of the sand that can be obtained 
from the following relationship: 

. 1 2 dEe smljl = + -
d"( 

(14b) 

Equation 13 is obtained independently of any assumption 
regarding the constitutive equation of the soil. 
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FIGURE 10 Comparisons of (a) the experimental and 
predicted expansion curves and (b) experimental and predicted 
excess pore water pressure curves under P~ = 200 kPa. 

At the cavity facing, the radial stress a, is equal to the 
applied cavity pressure ac. The average effective stress at this 
location is, therefore, given by 

(15) 

where Au is the excess pore water pressure generated at the 
cavity facing, Acre is the applied cavity pressure increment, 
and p0 i the initi al cavity pressure. 

Coupling Equation 12 , L3 and 15 with the constitu
tive equations of the soil yields the following incremental 
relationship for the effective lateral stress in th soil : 

1 - sin ~ . h*('Y) 
1 + h*('Y) Ee 

l - e 
• - -

0 [rr - Au] 
l + Eo c 

(16) 
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Equations 13 and 15 allow determination of the oi l prop
eni . (i .e ., she>ir trength charactcrisrics dilation propertie 
and hear m dulus) through an analysis of C T resulr . ~ quu

tion J6 p rmits sim ul ation of the ET in an <lnnulas specimen 
of as ii with given c n titutive equations (i .e., strain-hardening 
function and tre ratio-dilatancy relation hip). 

Analysis of CET Results 

To evaluate the proposed interpretation procedure, labora
tory cavity expansion tests were performed on Fontainbleau 
sand specimens in an HCC (8). 

The soil used in this study was a fine Fontainbleau sand 
(average grain diameter ofO .10 mm) of which the mechanical 
properties were obtained from the analysis of consolidated 
drained triaxial test re ult reported by Habib and Luong (9). 
Figures 13a and 13c pre ·ent the tress ratio-shear strain curves 
[qlp' = h('y)] and the volumetric strain-deviatoric strain curves 
[ev = /(-y)] obtained under confining pressures of u~ = 100, 
300, and 600 kPa. The figures illustrate the effect of confining 
pressure on the peak shear strength characteristics and volume 
change properties of this sand. Figure 13b indicates that in 
spite of ·ignificant differenc s in volume change measured 
in those three tests the confining pressure has a rather minor 
effect on the stress ratio-dilatnncy relationship TJ(qlp'), which 
can be approximately represented by a bilinear curve with a 
contractancy modulus µ 1 and a dilatancy modulus µ 2 • The 
experimental curves are compared with numerical simulations 
by using the proposed soil model with the following mechanical 
properties: 

l. For ub = 300 kPa: Glub = 60, <I> = 39 .5 degrees, <l>cv 
= 32.5 degrees, µ 1 = 2, µ 2 = 0.85 and 

2. For ub = 600 kPa: Glub = 60, <I> = 37 degrees, <l>cv = 
32.5 degrees,µ, = 1.7, µ 2 = 1.0. 

As is indicated in Figure 13, the model predictions agree 
fairly well with the experimental r ults. For the sake of 
analysis, the following average soil properties are considered: 
Glub = 60, <I> = 38.5 degrees, <l>cv = 32.5 degrees µ, = 1.8, 
and µ 2 = 0.9. 

The hollow cylinder cells with internal to external radius 
ratios, Tr)R, of 1.5 and 1.10 were used in those tests to evaluate 
the effect of the boundary conditions on the effective stress 
response of the sand. 

Figure J 4 presents typical results of an undrained expansi n 
test, including an expansion curve and measured exce pore 
water pressures. The measured excess pore pressures illus
trate that in this highly permeable sand the gradient of the 
generated exces. pore pres ·ure. di sipate in lantaneou ly and 
the pore pressures become uniform through ut Lh pecimen . 
Therefore the measured excess pore water pre · ·ures are 
indicative only of the global tendency of the and specimen 
to dilate during expan ion , while locally tile sand can he con
tracting or dilating depending on the actual shear strain level 
at the specific point (r) under consideration. The vertical dis
placement mea ured during the te ts wer found to be very 
small , illustrating a plane strain expansion. 

Figure 15 illustrates the comparison of th experimental 
and predicted cavity expansion curves obtained by u ing the 
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proposep interpretation procedure with the soil properties 
indi ated before that in spit of the substantial differences in 
the effective stress paths followed during the triaxial CD and 
the cavity expansion tests (7) the proposed interpretation pro
cedure predicts fairly well the experimental re ults. Those 
results indicate that for dense dilating sands the assumed con
stitutive equations (i.e ., strain-hardening function and stress 
ratio-di larn ncy rela1i n) are rather st re · -p<ltb indepenci~n t. 

This a naly'is a l o illu lrat s that the pecimen geometry Im 
practically no effect on th ·tre . re ponse of the sa nd . There
fore , in spite of basic differences in boundary conditions between 
the laboratory specimen and the in situ semi-infinite soil 
medium, the proposed procedure is anticipated to be re levant 
for interpretation of pressuremeter tests in sandy soils. 

SUMMARY AND CONCLUSIONS 

The HCC equipment developed for the purpose of this study 
permit tabon,Hory imulatio.n f the soil respon e 10 t:a ity 
expansion and provides an appropria te means for eva luating 
analytical/numerical model that lrnve been developed t pre
dict the total and eff clive lateral tre s s ii re ponsc of both 
saturated clayey and sandy soils. 

An interpretation procedure for cavity expansion test in the 
HCC has been developed and allows evaluation of the effect 
of the boundary conditions and specim n geometry on the 
effective and total lateral stresses and on the excess p re water 
pressures generated in the soil. 

A laboratory study has been conducted to evaluate the 
proposed interpretation procedure. The analysis of the test 
results has demonstrated that the lateral effective stress respon e 
in a tu rated clayey soils (or the total/effective lateral stress 
response in . andy s ii.) is ind ·penden t of pecimen geometry 
and boundary condit ions. Therefore. it is an ticipated that (a) 
the proposed effective st ress analysis procedu re would b rel
evant for interpretation of (in situ) pressuremeter tests results 
and that (h) the eff . tive stress-shear strain relationships de
riv · d from the laboratory cavity expan fon tests could be 
extrapolated to field conditions. 

Analysis of the test results has also shown that in saturated 
clayey soils specimen geometry and boundary condition. may 
significantly affect the total stress and excess pore water 
pressure generated during cavity expansion. Therefore, the 
total stress analysis conventionally used in interpretation of 
pre suremeter tests is not appropriale for the analysis of a 
laboratory cavity expansion test in lh HCC. 
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The proposed interpretation procedure incorporates a rel
atively simple elastoplastic soil model with a nonassociated 
flow rule. Analysis of triaxial CU, CD, and undrained cavity 
expansion tests in the HCC has demonstrated that in normally 
consolidated clayey soils the assumed stress ratio-dilatancy 
function appears to be stress path dependent and the predicted 
cavity expansion curves are highly sensitive to the value of 
the contractancy modulus. In dilating sands, however, the 
assumed TJ(q, p') runction appears to be st re -path indepen
dent , and the proposed model predicts the experimental results 
fairly well. 

Finally, in light of differences between the laboratory recon
stituted specimens and the in situ soil (e.g., depositional his
tory, fabric , in situ stress state), field testing is required for 
further evaluation of the pr pos d procedure to predict the 
in situ lateral stress soil response. 
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Research and Development of a Lateral 
Stress Piezocone 

R. G. CAMPANELLA, J. P. SULLY, J. W. GREIG, AND G. ]OLLY 

The possibility of evaluating i.n situ horizontal stre s during cone 
penetration has been ugge tcd by recenr laboratory calibration 
chamber research (1 - 6). Thi ha been confirmed by field trial 
with lateral tres · en ing cone . A lateral stress piezocone devel
oped at the Universi ty f Brilish Columbia is de cribed. Deta il 
is given of the laboratory calibration procedures and correction 
fo.r cross talk and tempera ture e ffects. Field data from two Lowe r 
Mainland sire are presented to evaluate the amplificati n of 
lateral . tre. s that occur in a nds during penetration of full
displacement probes. T he results sugge t that lateral ' I fesses mea
sured in granular soil$ with the LS cone are dependent on inter 
nlia, the exi ting horizonrnl stres '. in 'itt1 stat e of the and and 
its grain characteristics. 

Recent research into the behavior of granular soils during 
cone penetration has highlighted the importance of the exist
ing in situ horizontal effective stress (a;,) on the parameters 
being measured. Laboratory meas,µrements made by using 
calibration chambers (CC) have demonstrated the effects of 
in situ stress state on both cone resistance and sleeve friction 
(7). Similar effects noted for other penetration parameters 
are consistent with those findings. 

The development of cones capable of measuring lateral 
stress originated from the idea that the sleeve friction mea
sured during penetration in sand should be related to the pre
penetration lateral stress. Robertson (6) evaluated the CC 
data for sand presented by Baldi et al. (7) and showed that 
the ratio of pre- and post-penetration horizontal stress, as was 
deduced from sleeve friction measurements, varied from 1 to 
7 and was related to the maximum dilation angle of the soil. 
The data were obtained for the friction sleeve located directly 
behind the tip. The CC tests were performed under conditions 
of constant lateral stress (BCl) . 

Huntsman (2) reviewed similar CC data from Italy and 
related uf, and sleeve friction ls by means of the relative 
density D, of the sand. Two sets of data were presented cor
responding to the boundary conditions of constant lateral stress 
(BCl) and zero lateral strain (BC3). The scatter in the results 
is appreciable. However , the data trends do illustrate the 
effect of boundary condition on the uf.-ls correlation (Figure 
1) and indicate that at low relative densities the measured 
sleeve friction is less sensitive to the applied boundary con
dition. The true correlation representing "in-ground" con
ditions probably lies somewhere between the two data sets in 
Figure 1 and can be estimated by applying the appropriate 
chamber corrections. 

R. G. Campanc!Ja, J . P. Su!Jy . and J. W. Greig, Department of Civil 
Engineering, Univef'ity of Briti h Columbia, Vancouver, B.C. V6T 
lWS anada . G. Jolly, Adara ystcms Ltd . 2443 Beta Avenue, 
Burnaby, British Columbia, VSC SNl, Canada. 

On the basis of those findings, several types of cone pene
trometer have been produced that are capable of measuring 
the lateral stress that act on an under-reamed section of a 
friction sleeve: (a) lateral stress sensing cone penetrometer 
(2) and (b) horizontal tre ·scone (4). A imilar type of instru
ment designed specifically for evaluation of pile capacity in 
cohesive soils-the piezo-lateral stress cell-has been built 
and tested at MIT (8). 

This paper describes a lateral tress (LS) piezocone designed 
and built at the University of British Columbia (UB ) for 
use as part of a research project that will evaluate in situ 
lateral stress from full displacement probes. 

DETAILS OF LATERAL STRESS PIEZOCONE 

The LS piezocone de igned and built at UBC comprise. two 
separate mea urement sy tems: a tandard UB piezocone 
unit followed by a LS module. The eight-channel cone bas a 
tip area of 15 cm2 , a friction sleeve area of225 cm2

, and allows 
the simultaneous measurement of the following parameters: 

•Cone resistance, qc (bar); 
•Pore pressure on the face, u1 , or behind the tip, u2 (m of 

water); 
•Sleeve friction, f.. (bar); 
• Pore pressure behind the friction sleeve, u3 (m of water); 

and 
•Temperature (0 C) . 

Those channels operate over a 7.5-V range. The calibration 
factors for each channel are given in Table 1. The LS module, 
which essentially consists of an instrumented friction sleeve , 
is located 0.69 m behind the tip and permits the following 
values to be recorded: 

•Sleeve friction, LS-FS (bar); 
•Pore pressure, uLs (m of water); 
•Lateral stress, aLs (kPa); and 
•Temperature (0 C). 

Even though two temperature sensors are located in the 
LS-CPTU, only the temperature at the lateral stress module 
position is recorded when the cone is being used in this format. 

The transducer ranges are again 7. 5 V for all the channels 
except the lateral stress channel, which operates on 1 V full 
scale. The choice of location for the lateral stress module 
requires some comment. 
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rela tion hip from CC test data [after Huntsman (2)]. 

Design Considerations 

Studies into oi l behavior have demonstrated that large gra
dient of both stress and pore pressur exist around a pene
trating cone and that Lh se gradients are related primarily to 
the geometry of the equipmenc. Ln effect, the ingularity at 
the ba e f the cone tip cau s a large normal tres · reduction 
to occur as the soil passes the shoulder. The extent of the 
reduction has been experimentally evalual d with respect to 
pore pre sures (9), bu t little information exists with respect 
to lateral stres · reduction and the relative importance of tre. 
redistribution and creep. Indirect evidence for sands based 
on the varia tion of average leeve rri tion, fs with distance 
(10) suggests that at approximately l2D (n = diameter of 
cone) bebjnd the tip the lateral stress should be essentially 
constant for any particular D,. 

Location of the lateral stress en o r close to the tip would 
require measurement in an area of highly variable stress. Fur
thermore, at this location, dimensional tolerances may have 
unacceptabl effects on the measured value (i.e., a lightly 
undersized friction leeve may promote a larger stre reduc
tion whereas an oversized leeve may reduce the unloading 
effect). Strain rate changes near the tip and rotation of prin-
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cipal stresses may also be important. This aside, both Hunts
man (2) and Jefferie~ et ;ii (4) present data where the lateral 
stress measured during cone penetration by a sensor located 
lD behind the tip corresponds remarkably well to results of 
self-bored pre. uremeter te t . 11li i urpri ·ing, consid ring 
the disturbance caused by insertion of the cone and may well 
re ult from the loo e nature of the oil· te ted. When pene
tration i ·topped h wevc:r , Lht: Lt:sts performed by Hunt. man 
in the Beaufort Sea (2) indicated a slight incrca e in measured 
total lateral stress with time. That increase may result from 
redistribution and dissipation or both of excess pore pressure · 
generated during penetration. However, no pore pressure 
measurements are available to confirm this. 

The location of the sensor close to the tip is advantageous 
where reference tes ts are performed in calibration chamber . 
Calibration of an upper stre sleeve is not possible owing to 
the limited penetrati n di. tance that results from chamber 
size. darn suggest that the measured lateral stress i always 
lower when measured close to the tip. Field data from the 
Beaufort Sea indicate that the difference between the stresses 
measured behind the tip (lD) and up the shaft (8D) decreases 
with depth becoming equal at approximately 20 m (2). How
ever the relative magnitudes of rrLs woul.d depend on the 
location and spacing of the lateral stress en ·or . 

No CC faci lity exi t at UB , and, con equently, it was 
planned to caljbrate the LS cone initially in the laboratory 
and then in the field at sites where the K,, condition was 
approximately known. As such, the geometry of the cone in 
terms of sensor location was not a restriction. 

Finally, with a view to developing some kind of theoretical 
interpretation, it is reasonable to expect that data obtained 
away from the tip may more closely represent conditions of 
cyli ndrical cavity expansion. Stress changes near the tip may 
cause ignificant deviation from the cavity expansion condition . 

Details of LS Module 

For the UBC LS piezocone, the sensor is located 0.69 m 
(15.6D) behind the cone shoulder (Figure 2) . The LS sleeve 
is 88 mm long and 44 mm in diameter (surface area of 121.6 
cm2) with a wall thickness of 3 mm. At the center of the 
sleeve, a 20-mm-long section has a reduced wall thickness of 
1 mm. An arrangement of strain gauges is oriented at this 
location to measure the 'hoop tres in the section induced by 
the lateral stress acting on th .~leeve. Sev ral different gauge 

TABLE 1 CALIBRATION DATA FOR LS PIEZOCONE 

Channel No. Parameter Units Calibration Factor 

1 Cone resistance bar 0 . 13 bar/mV 
2 Sleeve friction bar 0.013 bar/mV 
3 Lower pore pressure m of water 0 . 23 kPa/mV 
4 Upper pore pressure m of water 0 . 23 kPa/mV 
5 Temperature degree C * 
6 LS-FS bar 0.013 bar/mV 
7 LS-PP m of water 0.23 kPa/mV 
8 0 Ls kPa 1.44 kPa/mV 

* Temperature in degrees Celsius is obtained from (V x4)-ll where V is the 

voltage measured from a resistance temperature devic~ (RTD). T 
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arrangements were tested to optimize the lateral stress response 
and minimize both temperature and friction cross-talk effects. 

A full bridge configuration is mou,nted on the sleeve. Each 
arm of the bridge consists of two 1,000 ohm strain gauges. 
The active arms are located on the thin-walled section of the 
sleeve, and the inactive arms are on the thicker section. The 
current design remains temperature sensitive to some degree, 
and, consequently, a platinum RTD sensor has been in
stalled in the sleeve to allow for temperature compensation 
corrections to both the LS and the sleeve friction measurements. 

The differential signals from the LS gauges are amplified 
in the cone to give a full-scale output of 1 V for an external 
hydrostatic pressure of approximately 1,500 kPa. The analog 
signals are converted at the surface to a 12-bit representation 
of the voltage, giving a sensitivity of 4.9 mV or 7.4 kPa of 
lateral stress. The IBM PC-based data acquisition system (UBC 
DAS) consists of an analog-to-digital (A/D) converter, depth 
controller board, counter timer board, and a battery backed
up power supply (11). A schematic layout of the UBC DAS 
is presented in Figure 3. 

The data acquisition program interfaces the various com
ponents of the system to provide a means of collecting and 
storing the data. Data storage is either on floppy or hard disk. 
The program operates in two modes: cone penetration and 
dissipation. The change to dissipation mode is automatic when 
penetration is halted. 

LABORATORY CALIBRATION OF LSC 

Laboratory calibration of the load cells and pore pressure 
transducers for the piezocone unit were performed according 
to standard procedures adopted at UBC. Only the laboratory 
calibration of the lateral stress module is considered here. 
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Owing to the nature of the design of the module, it was 
necessary to calibrate the module for the following conditions: 

• Hydrostatically applied confining pressure, 
• LS cross talk on friction sleeve owing to axial loads, 
• Temperature sensitivity, and 
• Time-dependent stability of all channels. 

During each of the calibrations performed, all eight cone 
channels were monitored to ensure the absence of channel 
interference . 

Hydrostatic Calibration of LS Module 

A special sleeve was fitted over the LS module and connected 
to a dead weight pressure tester to calibrate the bridge output 
for applied hydrostatic pressure. Pressure increments of 20 
psi ( ~ 138 kPa) were used, up to a maximum of 250 psi (1724 
kPa), and a constant temperature was maintained throughout. 
Hydrostatic loading and unloading sequences were performed 
for conditions of zero axial load. The results are presented in 
Figure 4 that give a calibration factor of 0.000695 V/kPa or 
1440 kPa/V, with little or no hysteresis effects and no baseline 
drift over full-scale cycling. The factor was independent of 
temperature for the range of application (6° to 20°C). 

FRICTION-LS CROSS TALK 

Axial loading of the friction sleeve causes an output voltage 
on the LS channel because of the Poisson effect. Increasing 
sleeve friction on the LS sleeve for the strain gauge arrangement 
employed causes a negative offset on the LS channel. 

The cone was set up in a frame so that the axially applied 
load was transferred by slip rings to the LS friction sleeve. 
Data from both the LS and the sleeve friction channels were 
recorded by an HP7090A measurement-plotting system. The 
load-unload was performed under zero confining pressure over 
a period of approximately 1 min, with readings taken every 
0.1 sec. Linear regression of the data gave gradients of -0.2136 
and -0.2150 for loading and unloading (Figure 5). A cor
rection factor of 0.807 is applied to the slope in Figure 5, 
which takes into account the difference between the axial load 
distribution imposed for the laboratory calibration and actual 
field conditions. 

An average value was used to correct the lateral stress data 
according to the equation 

where 

(VLs)c = 
(VLs)M 

Yrs= 

corrected relative LS voltage, 
measured relative LS voltage, and 
relative sleeve friction voltage. 

Calibration for Temperature Effects 

(1) 

To evaluate the temperature sensitivity of the LS module, the 
whole cone was immersed in a bath of ice water and was left 
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FIGURE 3 Details of UBC DAS (11). 

to warm to room temperature over a 24-hr period, during 
which time readings on all channels were taken every minute . 
The results for the LS channel are presented in Figure 6. 
The temperature coefficient BT for the LS channel was calcu
lated to be + 3.6 m V/°C on cooling. (Similarly, temperature 
coefficients were also evaluated for other channels.) 

Evaluation of Baseline Drift 

During the latter part of the temperature calibration, when 
the system was in equilibrium with lhe ambient temperature, 
continued monitoring allowed baseline drift on each channel 
to be evaluated. The time-dependent drift was found to be 
negligible for all eight channels . 

The calibration factors obtained as just outlined have been 
incorporated into the data-acquisition program so that the 
output is given in corrected engineering units. 

Lateral 
Stress 
Module 

15 cm2 CPTU 

FIELD CALIBRATION OF LS PIEZOCONE 

As was mentioned, field calibration of the LS cone equipment 
were performed at UBC test sites where information on LS 
conditions was available. For the purpose of this paper, only 
tests in granular soils are considered. Data obtained in 
cohesive soils are presented in a companion paper to this 
symposium (12). 

The LS measured during cone penetration is generally larger 
than the pre-penetration in situ horizontal stress and results 
from the full-displacement mode of insertion where soil is 
displaced both laterally and vertically to permit penetration 
of the cone. Consequently, an overall stress increase around 
the penetrating cone usually occurs, and it is this value mea
sured by the instrumented sleeve. The magnitude of the mea
sured stress increase depends on the location of the sensor, 
geometry of the probe, . and soil characteristics. For a partic-
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ular probe the stress increase can thus be related to one or 
more soil parameters. 

Studies have suggested that the stress increment caused by 
full-displacement penetration in granular soils is a function of 
one or more of the following points: 

•Relative density of the soil, D, (2); 
•Peak friction angle, <f>, or maximum angle of dilation, µ 

(6); 
•Voids ratio, e (4); and 
•State parameter, t\i (2,4). 

The state parameter/voids ratio approach has been used 
primarily for evaluating CC data where sample characteristics 
can be controlled and measured with acceptable accuracy ( 4). 
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FIGURE S Evaluation of cross talk on LS channel owing to 
axial friction load. 

The application of the state parameter approach to in situ 
data appears promising but requires further confirmation. As 
was suggested by Sladen (13), the approach may necessitate 
additional specialized in situ tests to confirm the void ratios 
evaluated on the basis of CPT data (i .e., nuclear density/ 
electrical resistivity voids ratio determinations) and also 
requires, a priori, knowledge of the in situ LS. 

A considerable data base exists for estimating both relative 
density and peak friction angle from CPT data. The use of 
either one of those parameters would also concur with the 
philosophy of field calibration. Alternatively, correlation with 
the ratio q)U'~ would appear logical as the dependence on a 
CC-derived relationship is removed. 
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Description of Test Sites 

Data from two UBC test sites m the Lower Mainland of 
British Columbia are presented where consistent information 
on K

0 
conditions exists: Laing Bridge South (LBS) and 

McDonald Farm (MDF). The two sites are located on Sea 
Island at Vancouver International Airport, are about 1 km 
apart, and have very similar characteristics. The sediments 
are post-glacial Holocene deltaic deposits, which are essen
tially normally consolidated. The surficial soils ( < 4 m) are 
underlain by granular marine and tidal flat deposits (medium 
sands) to a depth of around 20 m. The granular layer is finer 
grained, more uniform, and deeper at LBS than at MDF. 
Underlying the sands are at least 40 m of soft-to-firm marine 
silts and clayey silts . 

The variation of K0 for the LBS site is presented in Figure 
7 and has been evaluated by three empirical correlations (14). 
The K

0 
value varies between 0.45 and 0.5 . Preliminary results 

obtained by using the UBC self-boring pressuremeter confirm 
the K 0 values in Figure 7. 

Data presented by Hughes and Robertson (15) from self
bored pressuremeter tests suggest that the LBS trend of K0 

is a good lower bound for the MDF site , where an average 
coefficient of 0.6 is taken as representative for the normally 
consolidated sands. 

RES UL TS OF IN SITU TESTS 

A summary of the measured cone resistance and lateral stress 
profiles for MDF and LBS are presented in Figures 8 and 9. 

Considering the proximity of the sites, the trends in qc at 
the two sites are notably different. At MDF the qc values are 
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FIGURE 7 Evaluated K 0 conditions for LBS. 
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reasonably constant over specific depth intervals within the 
sand. The gradual increase in qc with depth at LBS is a good 
indicator of the uniformity of the sand at this location . The 
effects of interbedded silt on the cone resistance at both sites 
can be seen throughout the profile. Pore pressures throughout 
the profile are close to hydrostatic for both the behind friction 
sleeve (u3) and the lateral stress (uLs) pore pressure sensor 
locations. A small excess pore pressure is measured behind 
the tip (u2). At around 14 m, the anomalously high qc results 
from the presence of an organically cemented sand layer, a 
remnant of an active beach deposit. At the base of the sand 
layer the qc values drop rapidly to around 10 bar, and large 
excess pore pressures are recorded that indicate the presence 
of the soft normally consolidated clay silt. 

The lateral stress profiles measured by the LS cone at the 
two sites are also presented in Figures 8 and 9. Contrary to 
the rel ative magnitudes of cone resistance, the measured total 
LS rrLs in the sand layer at LBS is consistently larger than 
that at MDF. The a LS profiles are otherwise very similar. The 
variation in measured a LS at both sites is increased in the 
transition layer between the sand and clay silt . 

A comparison of average friction stress measured at the 
two sleeve locations is presented in Figure 10 for LBS. Good 
agreement between the two measurements is evident and con
curs with the distribution suggested earlier by Campanella 
and Robertson (10). This also suggests that the LS measure
ments at the l5.6D position might be similar to those at the 
lD location previously investigated. However, this conclusion 
would depend on the stress gradient behind the tip and the 
exact location of the LS sensing section in relation to the 
stress distribution. 

The penetration pore pressures measured at the three sen
sor locations, (i .e., behind tip , behind friction sleeve, and at 
LS sleeve), are presented in Figure 11 for the MDF LS-CPTU . 
The similarity of the pore pressures measured behind the 
friction sleeve (u 3) and at the LS section (uLs) indicate the 
absence of large gradients once away from the tip-shoulder 
singularity. Also apparent when comparing Figures 8 and 11 
is that the measured LS in fine-grained materials is dominated 
by the pore pressure response. 

LS Coefficient from LS-CPTU 

The LS coefficient obtained from LS-CPTU profiling KLs is 
defined as 

(2) 

where 

crLs = measured total LS, 
uLS = penetration pore pressure measured at LS section, 

and 
a:. = calculated effective overburden pressure. 

Statistical filtering of calculated K Ls values at 2.5-cm inter
vals was performed over a 25-cm window. All data outside 1 
standard deviation of the median were removed and replaced 
by the mean value (16). The filtered profiles of KLs for both 
sites are presented in Figure 12, where it can be seen that , in 
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general, KLs > K0 • To evaluate the amplification of LS caused 
by cone penetration, the effective LS in Figure 12 has been 
normalized with respect to the in situ CJ'~ and replotted in 
Figure 13 against q)CJ'~. The amplification factor for the LS 
cone ALs is defined as 

A 
_ O':..S _ CTLS - Ul..S 

LS - I -
0'1, 0'11 - Uo 

(3) 

where CJ'~ is the prepenetration effective horizontal stress and 
u0 is the equilibrium in situ pore pressure . By definition 

(4) 

The basis-of obtaining CJ'~ was discussed earlier. Use of 
qJCJ'~ as an index parameter appears logical because it is 
related to the principal soil behavior characteristics thought 
to control the stress amplification effect (2,4,6). Furthermore, 
qc is a parameter measured during the LS-CPTU and corre
lates directly with the CJ'Ls values measured (i.e . , at the same 
location). 

Two effects are apparent from the trends shown in Figure 
13: 

1. The amplification factor ALs is very sensitive to small 
changes in qJCJ'~ ratio. 

2. The shape of the ALs - q)CJ'~ relationship appears to 
be similar for the two sites studied. However, the curves are 
offset laterally owing to some secondary effect. 

The position of a tentative curve for data obtained in silt/ 
silty sand is also shown and further suggests that grain size 
characteristics (D50 , silt content, grain angularity) of the sand 
may be important factors when evaluating LS amplification 
factors in the manner used here. 

0 MDF coarse sand 

3.0 ~silty sand / silt 

~ LBS fine sand 

1.0 

100 1000 10 , 
qc/ CY. 

FIGURE 13 Lateral stress amplification factor for soils tested. 
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DISCUSSION 

The results obtained in this study agree with other data trends 
obtained from calibration chamber tests and interpreted to 
evaluate LS from full-displacement tests (1,3 ,5 ,6). In clays , 
the LS cone response is dominated by pore pressure effects. 

It is interesting to note that LS coefficients obtained from 
the DMTs performed at MDF and LBS, interpreted by using 
Schmertmann's method (17) to give an estimate of in situ K 0 , 

give the same relative magnitudes as those obtained from 
direct measurements during LS-CPTU profiling (Figure 12) . 
In g!!neral terms, 

For MDF 

(5) 

for LBS 

(6) 

where KnMT is the K 0 value obtained from the interpreted 
DMT profile (17). 

The DMT soil type index 10 also suggests that the LBS 
sand is finer than the MDF sand, as indicated in Figure 13. 

Measurement of both friction and normal stress at the upper 
sleeve location permits an evaluation of the average mobilized 
soil to steel friction angle during penetration. Friction angles 
varying between 18 and 25 degrees were obtained for the sand 
layer at MDF. Lower values were measured for LBS. Tom
linson (18) suggests from his experience with steel piles in 
sand that a soil-steel friction angle of 20 degrees is appropri
ate. The data are also in agreement with results suggested by 
a literature review of measured soil-steel friction coefficients 
and with measurements in ring shear tests performed at 
UBC (19) . This would suggest that the relative values of the 
parameters being measured during LS-CPTU profiling are 
realistic. 

SUMMARY AND CONCLUSIONS 

Data have been presented from laboratory and field measure
ment by using a LS piezocone. Laboratory calibrations have 
shown that the measured LS is sensitive to both axial loads 
on the friction sleeve and on temperature. However , those 
effects can be calibrated out by making corrections to the 
measured data. The corrections applied are stable and 
repeatable. 

Field measurements suggest that the LS measured by the 
LS cone is greater than the in situ horizontal stress . The 
increase over and above the in situ condition in sand has been 
shown to be partly a function of the normalized cone resis
tance qcl rr~. It would also appear that grain size , grain size 
distribution , and angularity may be important. 

The measured LS undergoes some degree of dissipation 
during stops in the penetration of the cone. The reduction in 
LS appears to be controlled by the characteristics of the soil 
at the tip and at the sleeve location. Further work is being 
done to evaluate those effects. Additional studies are pres
ently being performed to evaluate the application of LS cone 
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data to the interpretation of in situ horizontal stress. Refined 
signal processing will allow the present ± 7 kPa resolution on 
the LS channel to be considerably improved. Variations in 
the mechanical design of the LS module are also underway. 
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