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Foreword 

Of the 24 papers in this Record, 9 deal with rigid pavements, 11 with flexible pavements, 3 
with seasonal frost damage, and 1 with temperature and moisture effects. 

Zollinger and Barenberg review factors related to punchout distress and discuss a possible 
cause. Ioannides and Korovesis demonstrate that in jointed or cracked concrete pavement 
systems equipped with a pure-shear load transfer mechanism, deflection load transfer effi
ciency is related to stress load transfer efficiency, and that this relationship is sensitive to the 
size of the applied loading. Zollinger and Barenberg outline how pavement thickness, percent 
reinforcement, and crack spacing may be considered with respect to pavement spalling and 
loss of load transfer in the process of punchout development. McCullough et al. discuss the 
evaluation of the performance of a prestressed concrete pavement overlay; horizontal slab 
displacement because of temperature change was closely monitored and recommendations 
are made. Ioannides et al. describe and evaluate mechanistic-empirical algorithms for more 
realistic estimates of anticipated faulting in concrete pavements. Benekohal et al. suggest 
that lane widening is likely to be a very cost-effective design improvement for concrete 
highway pavements that would otherwise be vulnerable to transverse fatigue cracking as a 
predominant mode of failure. Barenberg and Zollinger describe two instrumented pavement 
sections constructed in Illinois to validate the mathematical models used in the development 
of a mechanistic-based pavement design procedure for jointed concrete pavements. Typical 
results and the significance of results with respect to the analysis models used and the design 
procedure developed using the models are presented. McCullough and Kunt present a rein
forcement formula modified in accordance with the experimental results obtained concerning 
subbase frictional resistance. Peshkin and Mueller found that bonded concrete overlays showed 
mixed success, and in general debonding was a cause for concern on many of the projects. 

Sousa et al. compared some aspects of the dynamic behavior of a new super-heavy-haul 
vehicle trailer equipped with a hydraulic cylinder-nitrogen suspension with the behavior of 
four other currently used semitrailer types. On the basis of the data obtained, the dynamic 
component of the loads induced by the new trailer at normal highway operations is within 
the same range of magnitude produced by the other trailers studied, and from a dynamic 
point of view the effect of suspension type appears to be more significant than the number 
of axles. Mamlouk et al. developed a rational overlay design method for flexible pavements 
in Arizona that includes roughness, fatigue, and plastic deformation models. The three design 
models are incorporated in a microcomputer program for determining the optimum overlay 
thickness, estimating the remaining life of an existing pavement, evaluating the life of a user
specified overlay, and performing economic analysis. Harichandran et al. describe a nonlinear 
mechanistic finite-element program called Mich-Pave that has been developed for use on 
personal computers to aid in the analysis and design of flexible pavements. Uzan and Sidess 
found that the load equivalency factors of all load configurations depend on the pavement 
condition. Hajek and Agarwal evaluated the damage effects of dual and triple axles on flexible 
pavements and found that axle spacing has a significant influence on pavement damage. Tseng 
and Lytton describe the development of material property relations for the two fatigue damage 
properties K1 and K 2 , which can be used to predict the fatigue life of asphalt concrete 
pavements. Lee and Peckham observed that in all cases heavy trucks caused more damage 
than benchmark trucks and that more damage due to heavy trucks is predicted when there 
is a higher legal weight limit. Al-Balbissi and Little investigated the healing mechanism in 
asphalt concrete and introduced a theoretical hypothesis for the shift factor, which accounts 
for the effects of residual stresses and healing in the field that does not occur in the laboratory. 
Bourdeau presents a probabilistic approach to the deterioration processes of flexible pave
ments with unbound granular layers under the effect of traffic. Kenis and Cobb evaluated 
the AASHTO load equivalency factors with a computational model for predicting flexible 
pavement response. Coree and White reviewed the 1986 AASHTO Guide for Design of 

vii 



viii 

Pavement Structures and revealed a number of opportunities for re-examining the AASHTO 
Road Test results. 

Janoo and Berg discuss the development of a nondestructive pavement evaluation pro
cedure for seasonal frost areas using a falling weight deflectometer. Allen et al. discuss the 
work being done by the U.S. Army Engineer Cold Regions Research and Engineering 
Laboratory in developing a mechanistic pavement design method for use in seasonal frost 
areas. Five fatigue equations were used to determine the cumulative damage for the pavement 
sections at Springfield, Missouri, and Rochester, Minnesota, and although all of the equations 
predicted failure during the design life for each pavement section modeled, significant jumps 
occurred during the spring, indicating that the thaw period is crucial in the fatigue life of a 
pavement. Rutherford performed a finite-element analysis of pavement freezing and thawing 
on four flexible pavement structures developed to represent typical pavements that receive 
spring load restrictions because of thaw weakening. 

Pufahl et al. provide an overview of a computer model that estimates moisture and tem
perature effects beneath pavements. 
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Field Investigation of Punchout Distress 
in Continuously Reinforced Concrete 
Pavement in Illinois 

DANG. ZOLLINGER AND ERNEST J. BARENBERG 

Most maintenance activities on continuously reinforced concrete 
(CRC) pavements are related in one way or another to punchout 
distress. Over several years of observation of CRC pavement, 
several symptoms related to the structural aspects of punchout 
distress have been noted. These symptoms include, but are not 
limited to, close crack spacing, surface widening and spalling of 
transverse cracks, development of longitudinal cracking, loss of 
load transfer, and subbase and subgrade pumping. Literature 
reviews have elaborated on punchout-related factors with respect 
to pavement performance. However , the punchout mechanism 
relating the various factors is not completely defined. Some ques
tions exist concerning the sequence of events leading to the loss 
of load transfer across transverse cracks as a prerequisite to the 
development of a punchout. This sequence of events relates to 
the role reinforcement plays in the punchout process and whether 
the loss of aggregate interlock requires rupturing of the steel. If 
rupturing of the steel occurs, the question is whether rupturing 
occurs before or after the loss of aggregate interlock. Factors 
related to punchout distress as noted by this investigation and 
others are reviewed and a possible mechanism of punchout dis
tress is addressed. 

Punchout distress is regarded as the most severe performance
related problem that continuously reinforced concrete (CRC) 
pavements develop. Defined as a structural failure, punchout 
distress typically is associated with close transverse cracking 
and is bounded by a longitudinal crack on one side and a 
longitudinal edge joint on the other (Figure 1). Characteris
tically, the pavement pushes or punches downward under 
traffic loading, causing permanent deformation or faulting. 
The punchout can also, and frequently does, develop at Y
cracking, which is the development of closely spaced cracks 
that meet 2 to 3 ft from the pavement edge and form one 
crack. This type of cracking may also develop at an interior 
position in the pavement, but perhaps not as frequently. 

Several investigators have noted problems associated with 
CRC pavement that have been the result of improper con
struction or easily identified design defects (J). In some instances 
failures have occurred at construction joints caused by the 
lack of consolidation. In other cases pavement failure has been 
attributed to improper lapping of the reinforcement (2 ,3). 
Problems such as these have given CRC pavement per
formance the reputation of being particularly sensitive to con
struction practice. 

D. G. Zollinger, Department of Civil Engineering and Texas Trans
portation Institute, Texas A&M University, College Station, Tex. 
77843. E. J. Barenberg, Department of Civil Engineering, University 
of Illinois, Urbana-Champaign, Ill. 61801. 

Poor support conditions coupled with short cracking inter
vals have shown a strong correlation to a high frequency of 
punchout distress. Performance surveys have shown that the 
crack spacing distribution may include a wide range of crack
ing intervals from project to project. This range frequently 
includes crack intervals less than 2 ft. Factors related to envi
ronment and materials are known to influence crack spacing 
irregularities. However, the variabilities associated with these 
make difficult prediction and control of crack spacing within 
certain limits. Given the sometimes uncertain performance of 
CRC pavement in the past, it is necessary to improve the 
understanding of the failure mechanism associated with 
punchout distress, thus allowing CRC pavement design pro
cedures to address the factors that influence the punchout 
process directly. 

NATURE OF PUNCHOUT DISTRESS IN ILLINOIS 
CRC PAVEMENT 

A field investigation was undertaken to further study a method 
of analysis on which to base a mechanistically oriented thick
ness design procedure for CRC pavements and to gain further 
knowledge of the mechanism related to the punchout distress 
as demonstrated by CRC pavements in Illinois. It is reason
able that design analysis should focus on the punchout mech
anism, since punchout distress is recognized as the predom
inant distress type in CRC pavement (4,5). In this study, loss 
of support was found to be the primary cause of the punchout , 
which, incidentally, was recognized by previous investigators 
(5,6) . This investigation examines factors associated with steel 
rupture, which is related to concrete fracture development 
around the reinforcement. Faulting occurred in most instances 
in which loss of support was indicated. Various loss-of-support 
mechanisms and failure modes are proposed based on the 
field observations. 

CRC Pavement Survey 

Several observation sections that represent the performance 
of CRC pavement within the state of Illinois were selected to 
study punchout development. The survey results from selected 
sections are presented in this paper. The sections selected for 
observation were chosen on the basis of performance, pave
ment thickness, subbase type, percent of reinforcement, and 
particularly susceptibility to D-cracking. It was important to 
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FIGURE 1 Formation of longitudinal crack between two transverse cracks; intermediate state of edge punchout (6). 

TABLE 1 OBSERVATION AND SAMPLING SECTION DATA 

Average** Average 
Reinforcement Subbase Aggregate Traffif Crack Punch outs Year 

Route Thickness* % Steel Method T1!12e Source ESAL !J S12acing (Per Mile} Const. 
I-72WB [4] 

MP41. 9-48. 5 8 0.59(#5) Tube CAM I Thornton [2] 2.97 4.8 11 1976 
Pit 

MP48.5-53.5 8 0.59(#5) Tube CAM I Covington 2.87 5.4 <1 1976 
Pit 

MP58.1-62.9 8 0.59(#5) Tube CAM II Fairmount 2.87 6.0 9 1976 

I-55NB f4l 
Quarry 

MP223.0-224.0 9 0.59(#5) Tube CAM I West owe 7.10 4.7 <r Fall 
Quarry 1977 

I-55SB [4J 
MP223.0-225.0 9 0.59(#5) Tube CAM I West owe 7.10 5.9 10 Spring 

Quarry 1978 
l-39NB,SB [4l 

Mulford [2J NB:9 [3l MP118.0-130.5 10 0.71(#6) Tube CAM II 4.7 7.4 1981-82 
Quarry SB: 16[ l 

MP130.5-139.0 10 0. 71(#6) Tube CAM I Mulford [2J 4.7 7.4 NB:2 3 1981-82 

I-57NB [4J 
Quarry SB:7 

MP250.5-256.0 7 0.59(#5) Tube BAM Fairmount 8.77 1.8 <1 1970 

I-57SB [4J 
Quarry 

MP324.1-330 . 5 8 0.59 (#5) Chairs BAM 2 11.1 4 27 1968 
MP275.5-279 .6 8 0. 59 (#5) Tube BAM Lehigh 8.84 3.0 13 1970 

FA 409 [4•5l 
Quarry 

STA3153-3199 7 0.70(#6 ) Chair CAM II 2 0.04 5.5 0 1986 
STA3014-3153 8 0.73 (#6l Cha i r CAM II 2 0.04 5.1 0 1986 
STA2989-3014 9 0. 72 (#6 Cha i r CAM II 2 0.04 6.0 0 1986 

us 50 [4J 
STA2767-2789 8 0.60(#6) Tu lie BAM Cul uml.J i a 0.04 6.0 0 1980 

Quarry 

* Thickness in inches [2] Low 0-cracked susceptible aggregate [5] Some sections with 
** Average Crack Spacing in feet [3] Total punchouts per mile no edge drains 
[ l] In the driving lane (in millions) [4] 4 or 6 inch pipe edge drains 
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FIGURE 2 I-72WB CRC pavement survey of punchouts and patches in driving lane. 

study the structural failure aspects related to punchout distress 
independent of D-cracking susceptible concrete. This type of 
study could not be done for some of the survey sections. 
Recent surveys have indicated that over 50 percent of the 
pavement mileage in Illinois has either a low, intermediate, 
or severe level of D-cracking (7). This percentage is even 
greater when the pavement mileage that contains D-cracking 
susceptible aggregate that is not currently showing visible signs 
of D-cracking is included. Table 1 summarizes the observation 
sections and pertinent data (including subbase data) relative 
to the punchout performance survey conducted in this study . 
The D-cracking information is based on core examinations 
and available quarry D-cracking evaluations. All the pave
ments included in this study have a bituminous shoulder except 
the FA-409 pavement sections. 

The nature of punchout distress is then described by the 
factors affecting the punchout rate and performance from a 
few selected sites. Results of a survey of patches and punch
outs in the truck lane from the I-72 westbound sites are 
shown in Figure 2. The approximate construction boundaries 
of each project are shown, delineating where different con
tractors and aggregate sources were used for construction of 
the pavement. Significantly different punchout rates are evi
denced from construction section to construction section, which 
suggests that punchouts may be related to construction 
practice. 

A similar pattern of punchout frequency was noted at another 
observation section on I-55. The punchout rate recorded for 
the southbound driving lane was as high as 20 punchouts per 
mile, as contrasted with the northbound lanes , which had a 
punchout rate near zero. Significant performance differences 
exist, similar to those in the sections on 1-72 between the 
northbound and the southbound lanes, both of which have 
cement aggregate mixture (CAM) I type subbases. As shown 
by the data in Table 1, little difference is apparent in traffic 
level, aggregate source, and steel reinforcement between the 

northbound and southbound lanes, which, in this case, were 
constructed by the same contractor. 

An observation section on 1-39, with 4.7 18-kip equivalent 
single axle loads (in millions based on unpublished data from 
the Illinois Department of Transportation, 1983, traffic factor 
equations), is experiencing a relatively high punchout rate. 
The cracking pattern on I-39 is not uniform but divided between 
groups of wide and narrow crack intervals with a crack space 
distribution made up of a combination of the short and long 
crack spacings. Other factors leading to the formation of 
punchouts on 1-39 will be discussed later, but the crack pattern 
in CRC pavement appears to be a factor in the punchout 
development. Nonuniform crack spacing distributions may 
lead to a greater tendency to punchout. In fact, the data from 
this study indicated that maintaining an average crack spacing 
within the limits designated in the literature is no guarantee 
that punchouts will not develop. 

Close cracking intervals have been characteristic of good
performing CRC pavements in Illinois. The average cracking 
interval, which is now less than 2 ft , was noted on 0.7 percent 
and 1.0 percent reinforcement sections of the well-known 
Vandalia CRC pavement (constructed in 1947). It has been 
pointed out previously that the cracking intervals of the Van
dalia pavement have shown some dependence on the percent 
of reinforcement (8). The percent of reinforcement also has 
had a profound effect on the punchout performance of the 
pavement, as indicated by the data shown in Figure 3. This 
effect may be indirectly related to the cracking intervals asso
ciated with the percent of reinforcement. Other pavement 
sections on the heavily traveled Stevenson (I-55) and the Dan 
Ryan (I-57) in the Chicago area have average crack spacing 
reported to be 3 ft or less (unpublished data, Illinois Depart
ment of Transportation, 1987). 

A comparison between the northbound section on 1-57 (Table 
1) and the site on 1-39 shows much better performance on 1-
57. This particular section Is 3 in. less in thickness and has 
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FIGURE 3 Effect of reinforcement on performance of Vandalia CRC pavement 
(US-40). 

carried more than twice the traffic of 1-39. A factor much 
more significant than pavement thickness is contributing to 
the markedly better performance of the l-57NB section over 
the 1-39 section. The 1-57 section contains a greater percentage 
of D-cracking susceptible aggregate, a bituminous aggregate 
mixture (BAM) subbase, and an average crack spacing of less 
than 2 ft with a uniform cracking pattern. 

Although no significant distinctions could be made in the 
crack spacing distributions between the adjacent good- and 
the bad-performing sections of l-72WB (shown in Figure 2), 
the apparent differences lie in whether the coarse aggregate 
was D-cracking susceptible. The pavement thicknesses are 
equivalent and the average crack spacing is similar. The con
struction section containing the low percentage non-D
cracking susceptible aggregate source (Thornton Pit) is the 
one with the highest rate of distress. 

The subbase types used on l-72WB are CAM I and CAM 
II. CAM I subbase is roller compacted and usually contains 
an 8 percent cement content, an aggregate blend of 75 percent 
coarse aggregate, and 25 percent natural sand (9) . CAM II 
subbase Lype is equivalent to a lean concrete subbase. Two 
of the construction sections with high rates of distress had 
different subbase types, so the source of the distress may not 
be strictly attributable to the type of subbase. A standard 
procedure was followed on each construction section, making 
little difference in construction procedure between the sec
tions. Especially with regard to the construction of the CAM 
I subbase, the standard procedure called for the trimming of 
the CAM I material with an auto grader . This meant that the 
stabilized subbase was trimmed before placement of the 8-in. 
CRC pavement. The subbase material was not roller com
pacted again after the trimming operation was completed. 

A limited survey of Y-cracking from selected pavements 
indicated that the pavement sections in which the reinforce
ment was placed using a tube device incur a higher incidence 
of Y-cracking (12 cracks per 100 ft) than pavements in which 
the reinforcement was placed using chairs (4 per 100 ft) . The 
incidence of Y-cracking may be tied to the variability of the 

depth of reinforcement cover, which is largely a function of 
the placement method (4). Field data indicate that for a tube 
type placement method a trend of greater average rebar cover 

FIGURE 4 Type 1 spalling, I-39SB. 
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and variation occurs as the thickness of the pavement increases . 
The standard deviation of rebar cover is lower for chair place
ment (2.2 in. versus 4.2 in. for tube placement). 

Spall development was investigated on the I-57 sites, in 
which two types of spalls were noted. Spalling developing as 
a result of a spall mechanism suggested by McCullough et al. 
(10) is classified as a Type 1 spall (Figure 4). A Type 1 spall 
develops into an advanced stage when the pavement is broken 
out within the boundaries of the cracking. Although not in 
all cases , it was noted that Type 1 spalls tend to coincide with 
the longitudinal reinforcement in the pavement and can extend 
to a considerable depth into the pavement. Spalling of this 
nature that extends to the depth of the reinforcement severely 
reduces the aggregate interlock and may lead directly to 
punchout distress. It may also contribute to the Type 2 form 
of spalling shown in Figure 5 and can be classified as either 
minor or severe spalling as noted previously. These spalls tend 
to develop abruptly into a severe condition of spalling in a 
period of a few months. McCullough et al. (11) indicated that 
Type 2 spalling increases with crack spacing because of an 
increase in crack width. A low-severity form of Type 1 spall 
or concrete wearing also leads to widening of the crack width. 
The formation of longitudinal cracking is associated with spall 
development and concomitant loss of load transfer. 

CRC Pavement Removal and Coring Program 

As a part of this study, several pavement cores and slab sec
tions containing punchouts in various stages of development 
were removed from the field and relocated to the Newmark 
Civil Engineering Laboratory for examination (4). A brief 
summary of the results of the laboratory examination is pre
sented regarding the condition and performance of the steel 
in the pavement with respect to punchout distress . The con
dition of the reinforcement will be discussed later after factors 
related to the loss of subbase support are presented. 
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FIGURE S Type 2 spalling, 1-39. 

Loss of Subbase Support 

In an effort to preserve the details of the punchout distress, 
short sections of CRC pavement were carefully lifted and 
removed from in-service pavements. On removal of the sec
tions from pavements with CAM I subbase, severe erosion 
was noted in the surface of the subbase. The approximate 
area of surface erosion is shown in Figure 6. The most exten
sive erosion occurred along the shoulder where disintegrated 
subbase extended to a depth of 1 to 2 in. into the subbase . 
In the figure, the subbase surface was eroded approximately 
24 in. along the pavement edge. The erosion extended another 
12 in. in the vicinity of the punchout. Some of the erosion 
may have occurred while the punchout was developing because 
of slab rocking and other related motion under loads. How
ever, the uniformly eroded 24-in. area shown in the diagram 
appears to have developed by other than load-associated means . 

At other sample sections, punchout information was obtained 
during punchout repair operations in which erosion of the 
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FIGURE 6 Diagram of subbase surface erosion at punchout repair site, I-72WB MP57. 
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TABLE 2 I-39SB: UNCONFINED COMPRESSIVE STRENGTH (CORRELATED 
TO DCP) 

Unconfined Compressive Strength 
Average 
of First 

Initial* First Five Subbase6 

Subb i!~!l eeai::tril:ti o!] JkQn_ Qr.ill Average 
Stat ion T ~11 11 ' jD£b!lS } {11s i} ( p ~ j l (psi} 

2209+00 CAM I 0. 5 33 135 240 

2141+50 33 84 200 

2131+00 46 120 95 

Patch #113 CAM II 0.4 20 53 90 

1851+00+ 0.2 33 118 155 

1851+00 0.0 46 161 340 

1841+50+ 0.5 33 83 200 

1841+50+ 38 55 

1841+50 0.0 110 290 

* Penetration of the cone under the weight of the 8 kg hammer 
+ Measurements were made in the eroded area of the subbase 
~ over the full depth 

same nature was noted in the CAM I subbase on I-39. While 
the punchouts on 1-39 were being repaired, in situ strength 
tests were made on the subbase. The strength of the CAM I 
and CAM II sub bases was found to be low. A summary of 
unconfined compressive strength determined from tests taken 
using the dynamic cone penetrometer (12) is shown in Table 
2. Obviously, the measured sub base strengths are very low. 
The lowest-strength material is in the upper portion of the 
subbase. The erulle<l ait:as showed a lower strength than the 
noneroded areas. Some damage from slab rocking may have 
decreased the strength in the eroded areas. A stabilized, 
nonerodible subbase should have a compressive strength of 
1,000 psi (13). It would be difficult to drive a dynamic cone 
penetrometer through a stabilized sub base of normal strength. 

A coring program was instigated to obtain further infor
mation on the development of subbasc erosion. Most cores 
obtained for the study were taken from transverse cracks. The 
descriptions of the various classification systems for transverse 
crack conditions and other core-related data are given in Table 
3. A variety of sample sections, subbase types, crack condi
tions, and spacings were cored to obtain punchout information 
about the subbase performance in punched-out and non
punched-out areas. 

A series of cores were obtained at the I-55 sections, which 
also had a CAM I subbase. All cored cracks on I-55 had some 
erosion at the pavement longitudinal edge joint. However. a 
significant difference exists between the erosion data from the 
northbound lanes and the erosion duta from the southbound 
lanes. The extent of the erosion in the northbound lanes was 
much less than that in the southbound lanes. The punchout 
rate in the southbound driving lane was much higher than 
that in the northbound driving lane, as noted in Table 1. A 
slight amount of erosion under the northbound lanes was 

noted 22 in. from the pavement edge, but the support con
ditions were considerably better than those for the south
bound lanes. The southbound lanes had wider longitudinal 
edge joints, which may be an indication of greater pumping 
susceptibility, compared with the longitudinal joint on the 
northbound lane, which was very narrow and tight. The crack 
classification was nearly the same on all cracks cored in this 
series and no faulting was noted. The cracking interval asso
ciated with the cored cracks ranged from 2 to 6 ft. Little or 
no shoulder staining was visible at the 1~55 sections. 

The information obtained from the field cores on CAM I 
sub base suggests that sub base erosion and loss of support must 
develop before the development of punchout distress. A series 
ot cores obtamed from a pavement with a BAM sub base taken 
from a sample section on I-57NB that exhibited a low punch
out rate showed that subbase erosion was almost nonexistent. 
This conclusion emphasizes the need for nonerodible subbases 
under CRC pavements as a primary step toward improved 
pavement performance. The BAM type subbase may be a 
good candidate for a low-erodible, uniform supporting sub
base, as long as drainage is provided. 

A problem related to lean concrete subbases was noted in 
cores obtained from the pavement sample section on I-72WB, 
between MP 58.1 and MP 62.9. This section, which has a 
CAM II subbase, indicated a failure mode similar to that 
experienced in Wisconsin and Pennsylvania on CRC pave
ment overlays on jointed concrete pavement. This failure mode, 
illustrated in Figure 7, developed at a crack in the CAM II 
subbase. A 6-in.-diameter core was taken on a faulted crack 
in which the subbase portion included the crack in the subbase 
displaced approximately 3 in. from the crack in the pavement. 
On removal of the subbase core it was noted that the subbase 
crack face was spalled (the strength of this subbase was great 



TABLE 3 CRC PAVEMENT CLASSIFICATION SYSTEMS 

CRCP Crack Classification (Modified AASHO Road Test-Report 5) 

C-1: Fine crac~ not visible under dry surface conditions at 
a distance of 15 feet. (Tight) 

C-2: A crack that can be seen at 15 feet, but exhibits only 
minor spalling. The opening at the surface is 1/32" or 
less. (Open) 

C-3: The crack is opened at the surface 1/32" or more for 
any portion of the crack length. The crack exhibits 
low to medium spalling. Amount of faulting is noted. 

C-4: The crack is either very wide (>1/16") or sealed and 
exhibits medium to severe spalling. Amount of faulting 
is noted. 

!DOT Rebar Corrosion Rating 

1: Clear or free of rust 

2: Slight rust with no appreciable reduction in cross
sectional area. 

3: Moderate rust with no substantial reduction in cross
sectional area. 

4: Heavy rust with a marked reduction in cross-sectional area. 

Diamond Vold Size Classification 

Small: Radius of the void (from the surface of the rebar) is 
less than the diameter of the rebar. 

Large: Radius of the void is greater than the diameter of the 
rebar. 

Number of 0-Cracking Aggregate 

Number of aggregates on the surface of a 4 inch diameter core 
showing signs of D-Crackinq. Other core diameters are listed along with 
the pavement thickness. 

Transverse Crack 
6" Diameter Core 

Spalling 

FIGURE 7 Spalling on crack face of CAM II subbase. 

8" CRC 
/Pavement 

4" CAM II 
Sub base 
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enough that a dynamic cone penetrometer could not be driven 
through it). A loss of load transfer in the subbase can lead 
to an unsupported condition in the CRC pavement, which 
can cause faulting and punchout distress. 

Results from this investigation indicate that unsupported 
conditions are the main factor in the development of punchout 
distress and faulting of CRC pavements in Illinois. Loss of 
support conditions may result from soft and wet soil conditions 
in the case of BAM subbases, surface erosion caused by low 
strength in the case of CAM I and CAM II subbases, and 
unequal deflection characteristic between the pavement and 
the subbase in the case of high-strength CAM II subbases. 

Subbase erosion has been identified as the primary cause 
of punchout-related distress in CRC pavements with CAM I 
subbases. It provides an explanation for the varying punchout 
rates evident in the data of Table 1, particularly for the various 
levels of performance between the 1-39 and l-57NB sections. 
Apparently small amounts of subbase erosion can extend up 
to 24 in. from the pavement edge and still have adequate 
performing CRC pavement in Illinois. CRC pavement with 
CAM I and BAM subbases showing good performance show 
less erosion than those with a poor performance. The differ
ence in the varying erosion rates between pavement sections 
noted in this paper under apparently identical traffic and cli
matic conditions was found to be dependent on whether the 
aggregate in the pavement was susceptible to D-cracking. D
cracking had an effect on the pavement behavior under load 
and is elaborated further elsewhere ( 4). 

Condition of the Reinforcement 

The factors related to the performance of the reinforcement 
in CRC pavement during punchout development are appar
ently secondary or consequential in nature. Details regarding 
the condition and behavior of the reinforcement in punchout 
distte~~ are explained on tl1e basis of the laboratory exami
nation of slabs and cores removed from actual pavement. 
Cores taken from the slab specimens were split at the level 
of the reinforcement to allow examination of the rebar and 
the surrounding concrete. Examination of the cores showed 

Fracture Faces 
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that diamond-shaped fractures and voids were noted around 
the reinforcement in several of the cores. Voids around the 
reinforcement have been noted by other investigators (6) but 
were being attributed to expansive forces from corrosion. 
Figure 8 illustrates a diamond-shaped fracture pattern around 
the reinforcement found in several cores. A direct correlation 
between these fractures and corrosive forces is doubtful. How
ever, it is apparent that the voids around the rebar are an end 
result of the diamond-shaped fracturing that can form from 
0.5 to 1.0 in. from the crack face. The voids and fractures 
were found in the portion of the punched-out areas that had 
110 fa ulliug. 

Bond studies of bars in tension (14,15) noted that secondary 
cracks similar to those in the fracturing shown in Figure 8 
formed at the loaded face of the specimen at a threshold steel 
stress between 14 and 18 ksi. These fractures caused by pullout 
forces form the diamond-shaped configuration around the 
steel shown in Figure 8. Measured strains in the reinforcement 
at the crack face ( 4) predicted that steel stresses from climatic 
effects can exceed the threshold levels for a broad range of 
environmental conditions leading to the formation of the pull
out cone. Once the fractures around the steel have formed, 
bearing stresses may crush the concrete in the immediate 
vicinity of the bar , which leads to a void, as shown in Figure 
8. The cone pullout fractures will also lead to reduced bond 
stiffness as indicated by Mains (16). 

Laboratory analysis of a slab section containing punchouts 
in the initial stages of development indicated void develop
ment around the steel before the crack developed faulting. 
The void apparently forms with the development of the 
punchout and may develop before permanent faulting. Con
sequently, some voids were present around the steel on non
faulted cracks. The effect of these voids on load transfer is 
discussed later in this paper, but one would expect load trans
fer to decrease. As a result , participation of the reinforcement 
in the transfer of load across the transverse crack is minimized 
because of the pullout fracturing. 

The field data indicate that 80 percent of the cores taken 
in the field study had either cone pullout fracture or a rebar 
void. Although one would expect a high correlation between 
rebar voids and pavement nonsupport, the data suggest that 

Rebar 

Core 

Stage A: Diamond Shaped Fracture Pattern Stage B: Diamond Shaped Void 

FIGURE 8 State development of void area around reinforcement. 
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unsupported conditions are coincidental with voids around 
the rebar only 55 percent of the time. A high correlation was 
found between the number of cores with either a rebar void 
or pullout fracture and subbase nonsupport. It is expected 
that cone pullout fracture may have some dependence on the 
length of crack spacing and climatic conditions at the time of 
construction, but strong correlations in this regard were not 
apparent in the data . At the I-39 site, where the cracking 
pattern tended to change from a long crack spacing to a short. 
crack spacing, 100 percent of the cores that had rebar in them 
indicated pullout fracture . Examination of the cores taken at 
the I-57NB site revealed that 42 percent showed pullout frac
ture. This pavement had a closely spaced and uniformly dis
tributed cracking pattern . Two sites on route US-50 were 
investigated for cone pullout fracture as a function of time 
and traffic. Although they are 6 years apart in age, these two 
sites were opened to traffic at the same time. Pullout fracture 
was noted in both of the cores obtained from the older site, 
whereas it was indicated in only two of the seven cores taken 
in the newer section. At the time of coring, the newer section 
had been through one winter since construction. 

Sections on I-57NB near MP 320 containing punchouts at 
further stages of development were visited and several instances 
of broken reinforcement were found. It was noted that tensile 
type breaks in the reinforcement were located at a small dis
tance from the crack face (ranges from 1 to 2 in.). The steel 
breaks were straight across the bar cross section and orthog
onal to the axis of the bar. Other punchouts with broken steel 
were also noted to be displaced from the crack face. Large 
diamond-shaped voids were also found around the reinforce
ment along with faulting on the crack face. In one instance, 
breaks in the rebar were found at the crack face where trans
verse steel coincided with the transverse crack. Otherwise, 
no other breaks were found at the crack face . 

The bar breakages were noted at two locations, where one 
break occurred at the crack face and another break occurred 
approximately 2 in . from the crack face. A closer look at the 

Void 

9 

rebar revealed several fractures of partial depth on one side 
of the steel. These fractures were found to correlate with the 
tensile side of the rebar from the bending stress that the bar 
underwent during the process of fault development of the 
punchout. This process (which may develop under 3 months) 
is illustrated in Figure 9. Once the void forms around the 
reinforcement either by cone pullout fracture or bearing fail
ure, vertical displacement or faulting in the pavement will not 
put the bar under immediate shear stress. Further faulting 
applies a bending strain in the rebar on the under and top 
sides as shown in Figure 9b. The resulting fracturing is caused 
by the fatigue strain of several repeated loadings, since rebar 
is commonly bent to radii much shorter than those that occur 
in the faulted case without tensile fracture . Once the fracture 
has progressed through the rebar , as seen in Figure 9c, further 
faulting can develop. Eventually, the voided area will begin 
to make repeated contact with the rebar, which will either 
fracture the concrete or cause a shear-type failure in the rein
forcement. This leads to short segments of broken steel result
ing from the punchout process . 

CRC Pavement NDT Program 

Nondestructive testing (NDT) was conducted on several test 
sites to gain further insight into CRC pavement behavior lead
ing to punchout-related distress. During the testing process, 
data relative to the slab deflection, load transfer efficiency, 
pavement stiffness, and crack width were obtained. The fall
ing weight deflectometer (FWD) used for the field testing was 
the Dynatest Model 8000, which is widely used in the United 
States. Most of the testing was conducted in the outer wheel 
path, with the center of the loaded plate varying between 36 
and 42 in. from the pavement edge. The FWD, which was 
calibrated monthly, has been shown to yield repeatable data 
(17). The crack openings were measured, but results with 
respect to crack width measurements are reported else
where (4). 

Void 

Tensile 
Break 
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(a) Untaulted (b) Faulted (c) Broken Rebar 

FIGURE 9 Broken reinforcement mechanism. 
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The results of the FWD field measurements are described 
in terms of the plate deflection (D0), the load transfer effi
ciency (LTE), and the deflection basin area. The LTE is equal 
to the change in deflection on the unloaded side of the joint 
divided by the change in deflection of the loaded side of the 
joint. The basin area has been shown to be useful in inter
preting measured deflection profiles by the FWD and is cal
culated from the sensor deflections (18). 

FWD load transfer data were obtained from several trans
verse cracks for each group of crack classification (Table 3). 
The results indicate that significant differences in load transfer 
efficiency measured during the early hours of the day can 
exist between the C-1,2 and the C-3,4 classifications of cracks. 
However, these load transfer differences between the two 
groups are much fewer and tend to disappear if determined 
from results found during the afternoon. The closing of the 
cracks because of an increase in the pavement temperature 
can cause a dramatic increase in LTE. 

The NDT results are also useful in backcalculating material 
properties of the pavement system, such as the modulus of 
elasticity(£) and the modulus of subgrade reaction (K). Par
ticular interest lies in backcalculated E values and the radius 
of relative stiffness (/,.) at the transverse cracks, which is a 
function of E and K. (Note that lk = {Eh3/(12(1 - µ.) 2K]} 1

'
4 

where h and µ. are the pavement thickness and Poisson ratio, 
respectively.] A method of backcalculation of these param
eters based on ILLI-SLAB modeling of the deflection basin 
(iterative calculation with various values of concrete modulus 
(£)and foundation modulus (K) to match the deflection basin 
measured by the FWD for a given load condition] has been 
discussed by others for jointed concrete pavements (17-19); 
however, little information is available about application of 
these methods to CRC pavement. A suggested procedure for 
CRC pavement, which is described elsewhere (4), is based 
on determining an effective radius of relative stiffness from 
modeling the measured deflection basin of the CRC pavement 
using a 100-ft continuous slab without joints. 

33 
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Deflection Basin Area (inch) 
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Pavement Edge 
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This backcalculation procedure can be accomplished for a 
range of thicknesses and load positions. The calculations for 
lk using ILLI-SLAB analysis at the wheel path locations were 
found to be similar to those of the closed form curve obtained 
from the theoretical solution (19) of a case of a circular load 
and a dense liquid foundation for an interior loading condi
tion. Consequently, the theoretical curve could possibly be 
used in place of the ILLI-SLAB generated curves. As stated 
earlier, the FWD wheel path testing position varied anywhere 
from 36 to 42 in. from the pavement edge. Given the deflec
tion basin area from the FWD test results, the radius of rel
ative stiffness can be obtained from Figure 10 for either the 
edge load or wheel path load positions for any pavement 
thickness. 

The determination of unique E and K values is discussed 
elsewhere (19) from lk values obtained from Figure 10 and 
Westergaard solutions (20) for slab-on-grade deflections at 
the edge and interior load positions. The theoretical interior 
loading solution is applied to the wheel path load position in 
the actual pavement since the load behavior between the two 
positions was shown to be similar. 

The lk can be useful in determining potential punchout areas 
in CRC pavement. On the basis of the field data (4), if voids 
are present, the L TE and the lk values are low (usually below 
70 percent and 25.0, respectively) and if they are not, the lk 
values are high. The lk values at which rebar voids may be 
beginning to develop are not clearly defined. The data ( 4) 
indicated the ranges of lk where problems may and may not 
be developing. This approach to CRC pavement evaluation 
can be useful as an indicator of potential punchout since sub
base erosion and rebar voids tend to lead to lower lk values. 
Comparisons between the!,. values from the NDT data (using 
Figure 10) and calculated lk values (using the backcalculated 
K value, a range of concrete modulus, and the pavement 
thickness, h) may provide a basis for evaluation. 

Calculated lk values for a range of E values between 3 and 
4 million psi are plotted as shaded-in evaluation limits to be 
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FIGURE IO Variation of deflection basin area with l. 
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FIGURE 11 Comparison of LTE and lk for 1-SSNB. 
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FIGURE 12 Morphology of punchout distress. 

compared with lk values from the NDT data illustrated in 
Figure 11. Figure 11 shows a comparison of LTEs and lk values 
determined for the same test locations on I-55SB (approach 
and leave data are illustrated) . At two test locations low lk 
values were determined; these values had corresponding LTEs 
over 90 percent, suggesting that the radius of relative stiffness 
may be more effective in terms of CRC pavement evaluation 
than LTE. The shaded area is the limit range below which 
problems may exist. Evidently, potential punchout-related 
distress in CRC pavement may be evaluated from a combi
nation of transverse crack observation, load transfer effi
ciency, and pavement radius of relative stiffness values. 

Punchout Mechanism 

Based on an appraisal of the previously noted factors, a 
punchout mechanism is postulated . A schematic diagram of 
the formation of punchout distress is shown in Figure 12. This 

diagram may apply to premature punchouts and those that 
occur at the end of the pavement life, depending on the cause 
of loss of load transfer. A noted prerequisite to punchout 
formation is the loss of subbase support. (This is particularly 
true in the case of premature punchout distress.) Support loss 
can develop in a number of ways . Support loss normally will 
develop if the subbase is susceptible to erosion when the 
necessary moisture conditions or discontinuities of load trans
fer or faulting in the subbase exist, all of which cause a non
uniform support condition in the pavement system. Stabilized 
subbases may also erode if they become or are weakened in 
the upper surface. Weakening may occur from poor compac
tion or poor strength gain. Wet subgrade conditions can also 
contribute to nonuniform support. Loss of support , depending 
on its nature, can develop as early as 2 to 3 years . The time 
for punchout development may be more dependent on the 
length of time associated with the development of unsup
ported conditions rather than the given pavement thickness 
(within the range of thicknesses, subbases and levels of traffic 
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included in this study) due to the intensity of the stresses 
associated with it. Time to punchout from erosion of CAM I 
sub bases ranged from 3 to 8 years in Illinois. CAM II subbases 
that are low in strength usually lead to punchouts by the third 
year after construction. The CAM II subbases of normal 
strength may lead to punchouts more gradually over time and 
more in the 5- to 8-year range. 

Punchout distress may be related to the loss of bond such 
as that caused by cone pullout fracture around the reinforce
ment. These fractures appear to form from a poor combi
nation of long and short cracking intervals and a large drop 
in pavement temperature . In these instances, this distress can 
begin to form within 1 year after construction and may be 
mitigated if a uniform crack pattern develops (where steel 
and bond stresses are low). The likelihood that this distress 
will develop within the first 24 hr after construction was not 
supported by the strain data collected under this study. The 
data indicate that either pullout fractures or loss of support 
leads to a reduction in pavement bending stiffness. 

Excessive crack widths can also lead to reduced bending 
stiffness in the vicinity of the transverse crack. Crack widths 
tend to open under loading repetitions, particularly when frac
turing associated with Type 1 spalling developed at the time 
of initial drying shrinkage. Widened cracks can also occur 
with poor combinations of short and long cracking intervals . 
A combination of a short segment of pavement between two 
long segments is particularly susceptible to punchout distress 
because the stresses that cause longitudinal cracking increase 
significantly as the crack spacing decreases after load transfer 
across the crack is lost. These stresses are discussed and elab
orated on elsewhere ( 4) . Because the crack width affects the 
bending stiffness and load transfer efficiency, wide cracks will 
also increase the pumping potential of the pavement . 

The bending stiffness is also reduced when bar looseness 
increases or the concrete within the pullout fracture disinte
grates, leaving a void around the reinforcement. Rebar voids 
are instigated hy heilring stresses on the concrete and can 
form quickly, at least within 1 year after poor support con
ditions have formed. The looseness around the steel may also 
be affected by the crack width since the aggregate interlock 
decreases as the transverse cracks widen. 

A reduction in bending stiffness at the transverse cracks 
can cause spalling and faulting, leading to a loss of load trans
fer. After load transfer is lost , longitudinal cracking can form 
quickly-possibly simultaneously. The formation of a lon
gitudinal crack should not be considered as the cause of the 
punchout but only a consequence of it. Type 2 spalling leads 
to a significant reduction in load transfer across the transverse 
cracks, which, as pointed out above, dramatically increases 
the stresses that lead to longitudinal cracking. Rebar break
ages and pavement delamination are consequences of the above 
processes and are the result of loss of load transfer. Rebar 
breakages can occur either at the crack face or displaced from 
it. The breaks at the crack face are usually a consequence of 
corrosion, which reduces the cross-sectional area of the bar. 
This corrosion weakens the bar and makes it susceptible to 
an abrupt tensile failure caused by temperature contraction 
or wheel load-induced shear stress. This process may begin 
on the pavement edge , leading to a widened crack there , and 
proceeding to the next bar until the entire lane is encom
passed. Consequently, a wide and faulted crack develops . The 
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bar breakages displaced from the crack face are load induced 
and fatigue related. Stresses forming this break are not great 
enough until most of the load transfer from aggregate inter
lock is lost. Once the bar has failed, the faulting can progress 
rapidly to a severe level since the reinforcement was trans
ferring most of the load before failure. If the crack spacing 
is short, as in the case of a Y-crack, the rebar may not fail, 
which may lead to del amination and deep spalling of the 
concrete pavement above the reinforcement. 

SUMMARY 

The fundamental cause of punchout distress has been iden
tified as loss of subbase support. The probability of punchout 
is enhanced when loss of support and nonuniformly distrib
uted crack spacing combine under load to destroy the load 
transfer across the transverse crack. There are instances, 
reported in the literature and found in this study, where non
uniform support has precipitated localized short crack spac
ing , leading ultimately to punchout failure. Whether the 
punchout is at the pavement edge or in the wheel path , the 
cause is still the same. Pavement faulting, which is charac
teristic of the punchout distress , cannot develop unless the 
support underneath that portion of the pavement is lost. 
Therefore, definitions in the literature appraising various causes 
to edge and interior punchout are unnecessary. 
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Aggregate Interlock: A Pure-Shear Load 
Transfer Mechanism 

ANASTAs1os M. loANNIDES AND GEORGE T. KoRovEs1s 

A finite element investigation was made of the behavior of jointed 
or cracked pavement systems equipped with a pure-shear load 
transfer mechanism, such as aggregate interlock. Dimensional 
analysis was used in the interpretation of the data, leading to a 
general definition of lhe relative joint stiffness of the pavement 
system in terms of its structural characteristics. Results obtained 
in this study were verified by comparisons with earlier published 
field, laboratory, and analytical information. The investigation 
demonstrated that deflection load transfer efficiency is related to 
stress load transfer efficiency and that this relationship is sensitive 
to the size of the applied loading (or to the gear configuration). 
A simple back calculation procedure is outlined to evaluate the 
in situ joint stiffness of such pavements. Pure-shear load transfer 
devices are shown to be particularly desirable under a combined 
externally applied and thermal loading condition, since they offer 
no additional restraint to longitudinal curling. 

Aggregate interlock is a natural mechanism effective in trans
ferring loads across discontinuities, such as joints and cracks, 
in plain or reinforced Portland cement concrete pavement 
systems. Only a shear action is operative in this mechanism. 
In contrast, load transfer devices such as dowel bars also 
involve bending, thus creating an interest to investigate load 
transfer by aggregate interlock. This mechanism is easier to 
model and analyze than, say , a doweled system. Furthermore , 
its study can provide useful information on alleviating certain 
ill side effects resulting from the use of bending action load 
transfer mechanisms , such as additional restraint to longitu
dinal curling. Finally, interpretation of numerical results 
obtained from the simpler shear-only devices can suggest 
methods for handling data pertaining to the more complex 
case of doweled pavement systems. A finite element inves
tigation is presented to provide a better understanding of the 
most significant aspects of load transfer in slab-on-grade pave
ments, when this does not involve bending action . 

Because of its questionable long-term endurance record , 
aggregate interlock is not relied on as a primary load transfer 
mechanism, except perhaps in low-volume roads . Abrasion 
and attrition of the aggregates, coupled with temperature var
iations causing a fluctuation in the size of the opening at the 
discontinuity, can result in a significant decrease in the effec
tiveness of this mechanism over time. This deterioration, how
ever , does not detract from the value of a research effort such 
as is described below. Even for doweled pavement, "the cur
rent concept [is] th<1t lo<irl is trnnsferrecl across a joint prin-

A. M. loannides, Department of Civil Enginee ring, University of 
Illinois, 205 N. Mathews Ave., Urbana, Ill. 61801. G . T. Korovesis, 
PCS/Law Engineering, 12240 Indian Creek Ct., Suite 120, Beltsville , 
Md. 20705-1242. 

cipally by shear ... l whereas J moment transfer across joints 
with visible openin_gs is negligible" U ,2). 

1 he finite e1ement computer program ILLI-SLAB (3 ,4) was 
used in this study. This program has been thoroughly checked 
for accuracy and reliability. It has been adapted recently to 
permit analysis of multiple-slab systems under combined 
externally applied and thermal loads (5). Aggregate interlock 
(or any pure-shear device, in general) is modeled in ILLI
SLAB by a set of linear springs, acting at each node along 
the discontinuity. The spring constant assigned, therefore, is 
indicative of the stiffness of the joint, which is itself a function 
of joint width , as well as aggregate angularity and hardness . 
This model is similar to that employed in comparable codes, 
such as J-SLAB (6) and WESLIQID (7). 

Numerical data are interpreted by using the principles of 
dimensional analysis (8). This approach offers an attractive, 
often superior, alternative to the more conventional statistical 
interpretation techniques. As demonstrated in this paper , the 
considerable progress achieved in understanding load trans
fer systems, and in compromising apparently conflicting evi
dence in the technical literature, confirms the validity of this 
assertion. 

EFFICIENCY AND ENDURANCE OF JOINTS 

Aggregate interlock was first recognized as a beneficial load 
transfer mechanism in the early 1900s, when the popularity 
of Portland cement concrete as a paving material was begin
ning to increase. The first major field tests and other inves
tigations seeking to provide a better understanding of pave
ment behavior, thereby leading to improved designs, also date 
from that time . The Bates Road Test, conducted near Bates, 
Ill. , between 1921 and 1923 (9), led to the conclusion that 
once cracks had formed in plain concrete, they tended to 
propagate rapidly and deteriorate badly under a small number 
of load repetitions (10). In contrast, cracks developing in 
reinforced concrete pavement sections remained tight, dete
riorated slowly, and exhibited overall much better behavior. 

The issue of long-term endurance of natural aggregate inter
lock has been addressed by subsequent studies as well. In an 
extensive field investigation conducted by the Michigan State 
Highway Department in the early 1930s, the superior perform
ance of reinforced sections (in which cracks were held tight) 
was confirmed, under both a single , as well as repeated , load 
applications. Therefore it was concluded that "when rough
ened edges of two slabs are held firmly together the aggregate 
interlock may be expected to function perfectly and perma
nently as a load-transfer medium" (11). Seasonal variations 



Ioannides and Korovesis 

in the efficiency of load transfer at the cracks were also noted. 
These were the result of expansion of the slabs in the summer 
and their corresponding contraction in the winter. Joint open
ing was clearly established as a major determinant of aggre
gate interlock and efficiency of load transfer. The recom
mendation to use short slabs with reinforcement to keep tight 
any cracks that may develop (JO) aimed at ensuring both initial 
load transfer efficiency (by "lessening the probability of erratic 
cracking") and better long-term endurance of the joints. 

The Arlington load tests (12), on the other hand, led to 
the conclusion that 

aggregate interlock cannot be depended upon to control load 
stre ses. Even when joints are held closed by bonded steel 
bars there is a wide variation in the v;1Jue of the critical stress 
caused by a given load, from side to side of the joint and from 
point to point along it. For this rea ·on it appears necessary to 
provide independent means for load tran fer. 

This constituted an implicit call for the use of dowels as load 
transfer devices, in view of the unreliability and variability of 
aggregate interlock. A fresh look at the Arlington conclusions 
is offered by the data obtained in this study. 

The importance of achieving a satisfactory degree of load 
transfer at first loading, as well as maintaining this standard 
over a large number of load applications, was a primary moti
vation for the comprehensive laboratory study by Colley and 
Humphrey (13) . These investigators introduced the Endur
ance Index (El) as a descriptor of long-term joint perform
ance. Expressed as a percentage, this value was defined as 
the ratio of the area under the curve of joint effectiveness 
(Eff) versus the number of repetitions (N) to the correspond
ing area under the curve obtained by setting Eff equal to 100 
percent for N = 1 x 106 cycles. The joint effectiveness was 
defined as follows: 

2 6.u 
Eff = * 100 percent 

fl u + flL 
(1) 

where flu and flL are the deflections on the unloaded and the 
loaded side of the joint or crack, respectively. 

Their laboratory tests examined five factors considered 
important to both EI and Eff, namely , joint width (w); slab 
thickness (h ); load magnitude (P); foundation type and sub grade 
modulus (k); and shape of aggregate. Slabs were tested on 
an unprotected silty-clayey soil (k = 89 psi/in.), as well as on 
the same subgrade covered with a 6-in. base, consisting of 
either sandy gravel (k = 145 psi/in .) or a cement-treated 
material (k = 452 psi/in.). The composite subgrade modulus 
values quoted were averages from 24-in.-diameter plate load 
tests. Results confirmed that Eff decreases as w increases, or 
as N increases, with about 90 percent of the loss occurring 
during the first 500,000 repetitions. In addition, EI is improved 
considerably as k increases. Both Eff and EI deteriorate as 
P increases above some critical value, suggesting that "light 
loads cause little or no wear and probably do not need to be 
considered." More angular aggregates resulted in better long
term performance, as expected. Similarly, thicker slabs exhib
ited higher Eff and EI values than thinner ones. 

Following the advent of nondestructive testing (NDT) 
methods in recent years, attention has also been directed to 
field evaluation of the load transfer performance of joints and 
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cracks. The falling weight deflectometer (FWD) has been a 
popular choice for this purpose, with the recommendation for 
more sensitive sensors to detect small differences in deflection 
across the discontinuity tested (14) . Result to date (L5) sug
gest that an increase in amhient temperature improves the 
efficiency of joints or cracks that are free to open or close. 
This had also been the conclusion of earlier studies not involv
ing the FWD (11,16). 

ENGINEERING INDEPENDENT VARIABLES 

The preceding discussion shows that the number of param
eters involved in the problem under investigation is large. A 
factorial designed on the basis of the assumption that the 
effects of each of these is independent of the others would 
be prohibitively extensive. It is true that in a finite element 
investigation such as is described below several factors that 
are important in the field cannot be explicitly accounted for. 
Using the Aggregate Interlock Option in ILLI-SLAB, for 
example, it is not possible to study the effect of the number 
of load applications (N) on long-term endurance or the effect 
of aggregate characteristics on joint effectiveness. Even joint 
width can be incorporated only indirectly in the selection of 
the spring constant (AGG) used to represent the shear stiff
ness per unit length of the joint. This constant is also com
monly referred to as the aggregate interlock factor (AIF). 
Empirical relations are, therefore , necessary to fill these and 
other analytical gaps. Yet, even for an idealized and simplified 
problem, such as is posed by an ILLI-SLAB run , a meth
odology is required for designing a short but effective factorial 
of runs and for interpreting the results obtained so that broad 
conclusions may be reached. Previous investigations at the 
University of Illinois have demonstrated the efficacy of dimen
sional analysis for this purpose. 

In previous analytical studies involving a single slab under 
a single-wheel load, the following nondimensional engineer
ing independent variables have been established: 

1. The load size ratio (all), where a is the radius of the 
applied load and l is the radius of relative stiffness of the slab
foundation system (17); 

2. The slab size ratios (Lil and WI!), where L and W are 
the length and width of the slab, respectively (18,19); and 

3. The temperature differential parameter (aflT) in which 
a is the coefficient of linear expansion of the slab material 
and flT is the temperature differential between the top and 
the bottom of the slab (20). 

The effect of dual-wheel loads (and, by implication , of 
multiple-wheel loads, in general) may be quantified by the 
spacing ratio Sia, where Sis the distance between the wheels 
(21). This gives rise to the equivalent single axle radius (ESAR) 
concept, which would allow the application of results obtained 
from single-wheel load studies to cases involving more com
plex gear configurations (20). Recent efforts have shown that 
it is possible to derive with reasonable accuracy an ESAR for 
any arbitrary loading gear configuration simply as a function 
of its geometry (size and spacing of tire prints) . The loss of 
accuracy involved in such a transformation from a multiple
to a single-wheel load is the topic of an ongoing investigation 
at the University of Illinois. 
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It is essential to establish the form of the nondimensional 
engineering independent variable(s) governing the behavior 
of a two-slab system equipped with a pure-shear load transfer 
mechanism, such as aggregate interlock. A procedure sug
gested by Langhaar (22) may be used for this purpose. The 
only additional input parameter entering a typical ILLI-SLAB 
run involving aggregate interlock is AGG, whose dimensions 
are Fl. - 2 . To form a nondimensional product ('1T), AGG must 
be combined with one or more other input parameters, which 
include force (F) and length (L) in their dimensions. To reduce 
the number of choices further, it is pertinent to recall that 
AGG is a stiffness term. It is, therefore. reasonable to con
sider, at least to begin with, other stiffness terms. Clearly, 
the subgrade modulus (k) and the radius of relative stiffness 
(/) are ideal choices, since they also possess the necessary 
dimensions. 

Now, any product ('1T) of the.se three parameters will have 
the following form: 

'lT = km' [ml AGG"'3 (2) 

The corresponding dimensions of 'lT are 

'lT = (FL - 3)"' 1 (L)"'' (FL - 2)"' i (3) 

To obtain a dimensionless product, the exponents of F and 
L must be zero. Thus 

(4) 

(5) 

Assuming that m3 = 1, a solution of the above system of 
equations is obtained for m, = m2 = -1. Thus, the resulting 
dimensionless variable is AGGI kl. This variable expresses the 
relative stiffness of the joint itself to the stiffness of the pave
ment system in which it is installed. It is interesting to observe 
that 1/kl was identified as a pertinent lumped variable form 
by Tabatabaie and Barenberg (3). 

Note that the formal procedure outlined by Langhaar (22) 
and applied above in writing and in solving equations 2 through 
5 guarantees neither the uniqueness nor the suitability of the 
derived dimensionless variable. Like many other engineering 
aids (e.g., computers, statistics, and the finite element method), 
dimensional analysis is merely a tool. Fruitful implementation 
of this type of analysis demands considerable engineering 
judgment, imagination, and experience. It is primarily on the 
basis of engineering intuition that the three parameters in 
Equation 2 were selected in the first place. Furthermore, the 
weight of the numerical evidence presented below confirms 
the correctness and adequacy of the dimensionless variable 
selected. Although the formal derivation outlined above is 
the most appropriate way of presenting results in a paper, it 
is rare that one arrives at the most suitable form of the dimen
sionless variable a priori. More often than not, this is a pain
staking trial-and-error procedure, concealed perhaps by the 
brevity demanded by technical journals. The satisfaction of 
finally establishing the most general form, and the resulting 
immense simplification of the problem, provide the fuel that 
sustains the student of dimensional analysis. 
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DIMENSIONLESS RESPONSE VARIABLES 

The three primary response parameters in the analysis of slab
on-grade pavement systems are deflection (8), bending stress 
(CT), and subgrade stress (q). When the dense liquid foun
dation model is adopted, the latter may be eliminated because 

q = k8 (6) 

Several dimensionless combinations of the first two response 
parameters have been proposed in the technical literature as 
measures of the load transfer efficiency developing in 
multiple-slab systems. The large number of definitions for the 
term joint effectiveness is because some definitions may not 
be appropriate or even correct, particularly when field mea
surements are considered. In the analytical study presented 
in this paper no such complications arose, since each definition 
may be transformed in an algebraically exact manner into any 
other. Nonetheless, the results justify to a considerable extent 
the concerns expressed by previous investigators about some 
definitions. Most of these pertain to the sensitivity of field 
measuring devices and the impact of relatively minor changes 
in measured responses. 

The definitions adopted in the interpretation of the finite 
element data presented below are as follows: 

• Deflection load transfer efficiency (L TE5) (often abbre
viated simply load transfer efficiency or LTE): 

llu 
L TE5 = L TE = ~ x 100 percent 

L 

•Stress load transfer efficiency (LTE""): 

L TE" = CT u x 100 percent 
CT L 

•Transferred load efficiency (TLE): 

PT 
TLE = p x 100 percent 

where 

(7) 

(8) 

(9) 

CT u, CT L slab bending stress on the unloaded and on the 
loaded side of a joint or crack, respectively; 

PT = total load transferred from the loaded to the 
unloaded side of a joint or crack, along its entire 
length; and 

P = total externally applied load. 

FINITE ELEMENT INVESTIGATION 

The problem under investigation is fairly complex, even after 
the simplifying assumptions of linear elasticity, plate theory, 
and dense liquid foundation have been adopted. The purpose 
of these idealizations is to reduce the number of variables 
involved and thus improve the engineer's ability to under
stand, if not solve, the problem. Nonetheless, even in the 
idealized model there is a prohibitively large number of pos-
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FIGURE 1 L TE6 as a function of dimensionless joint stiffness (AGGI kl). 

sible interconnections between the input parameters, so that 
to describe it completely would require an enormous number 
of analytical or experimental data. Dimensional analysis offers 
"a method to reduce the number of quantities which are related 
to each other [with] no sacrifice in accuracy. The simplification 
obtainable by dimensional analysis is pure gain" (23). The 
validity of these comments is clearly illustrated by the finite 
element runs presented below. 

The major relationship established in this study is depicted 
in the form of the nondimensional plot of L TE6 versus AGGI 
kl shown in. Figure 1. Twenty-five executions of the ILLI
SLAB code were more than enough to define the S-shaped 
curve obtained with considerable precision. These runs were 
carefully designed to conform with user guidelines developed 
in previous investigations involving the use of ILLI-SLAB 
(24). To ensure the generality of the conclusions reached, the 
relationship described by Figure 1 was later verified and con
firmed by a number of additional finite element runs, involv
ing input parameters (such as slab modulus E, h, and k) that 
are substantially different from those used in the original form. 
It is apparent that "dimens"ional analysis leads to organization 
of the results of an analytical or experimental investigation 
so that is possible to present them more compactly and at the 
same time more generally than if the same information is 
presented in dimensional form" (23). In Figure 1, "the objec
tives of making the subject easier to grasp as a whole, or more 
compatible with related problems" (23) have all been achieved. 

L TE8 is extremely sensitive and deteriorates rapidly as the 
independent variable (AGGlkl) falls below 10. Also inter
esting is that other things being equal, an increase in the 
subgrade modulus (k) or the slab stiffness (Eh3 ) will yield a 
lower L TE8 • Experimental data presented by Teller and Cash
ell (25) as well as numerical results by Kilareski et al. and 
Ozbeki et al. (26,27) also pointed to the same conclusion, 
although this was not explicitly stated as such. Perhaps this 
was because such a conclusion would be in apparent contra
diction to the intuitive speculation that a stronger subgrade 
or stiffer slab should improve pavement response. However, 
in this respect, a lower LTE8 does not indicate a poorer pave
ment system, because absolute deflections and stresses will 

also be decreased ask or Eh3 increases. Thus, the lower LTE8 

will be sustained over a longer period of time, leading to a 
higher endurance index, as reported by Colley and Humphrey 
(13). 

The sensitivity of the relationship between LTE8 and AGGI 
kl was also investigated for a range of values of the three 
other independent variables, all, Lil, and WI!, set in devel
oping Figure 1 at values of 0.156, 5.0 and 3.9, respectively . 
These were considered to be representative of "typical" in 
situ conditions. 

Effect of Size of Loaded Area 

Thirty-two additional ILLI-SLAB runs, in which (all) ranged 
between 0.047 and 0.584, showed that the maximum change 
in LTE8 was only 6 percent (from 84 to 90 percent) . Thus, it 
may be concluded safely that the effect of the load size ratio 
on LTE8 is not pronounced. Combining this result with the 
ESAR concept, it may be postulated that the relationship in 
Figure 1 also holds with adequate accuracy for multiple-wheel 
loads. 

The load size ratio (all) influences significantly LTE.,., how
ever, as suggested by Figure 2. This plot shows the pro
nounced sensitivity of the relationship between LTE8 and 
LTE.,. to changes in all. At any value of LTE8 , much higher 
LTE.,. values are obtained as all increases, i.e., as the load 
becomes less concentrated. An additional benefit may also 
be expected from increased values of all, since the absolute 
value of pavement responses will also decrease as the load is 
distributed over a larger contact area. 

Note that for any given (all) value, a small change in LTE8 

can result in a significant change in LTE.,., particularly when 
more concentrated loads are considered . This would explain 
why Teller and Sutherland (12) concluded that LTE8 is "not 
a usable measure of the stress conditions that accompany 
them." Their field measurements indicated that even when 
du - !:l.L, "as nearly as can be judged by visual examination," 
LTE.,. was only 50 percent. This conclusion was reiterated by 
Kelley (28) . The latter also adopted an alternative definition 
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of LTE", suggested by Teller and Sutherland (12), hoping to 
overcome this difficulty. The Arlington data corresponded to 
all values between the upper two curves in Figure 2. In this 
range , LTE8 is about 95 percent for LTE" of 40 percent . The 
measured deflections on each side of the joint were about 5 
mils; i.e., an accuracy of 0.25 mils would have been necessary 
to discern any deviation in L TE8 from the ideal value of 100 
percent. Therefore, it is evident that the concerns of Teller 
and Sutherland (12) should be interpreted as a commentary 
on the accuracy of their measurements , coupled with the sen
sitivity of the relationship depicted in Figure 2. Most sur
pri ing, however, is that r cently their presumption of no 
usable relationship between L TE8 and L TE" has been replaced 
by the erroneous assumption of a unique correlation between 
these two response ratios . 

Referring to lht! ESAR concept once again, it may be antic
ipated that individual curves similar to those in Figure 2 will 
be obtained for each specific multiple-wheel gear configura
tion. The single LTE8 versus LTE" curve presented by Bar
enberg and Arntzen (29) should, therefore, be interpreted as 
pertaining to one loading configuration (i.e., one aircraft type). 
Similarly, unique relationships, such as those presented in the 
AASHTO Guide (30), by Bush ct al. (31), by Korbus and 
Barenberg (32), and others, must be viewed as incomplete 
interpretations of a limited amount of data. 

the sensitivity of L TE., tC' ali exhibited in Figure 2 consti
tutes a significant finding of this study. A consequence of the 
faulty conception that the relationship between LTE8 and 
L TE" is unique is encountered in the current design procedure 
of the Federal Aviation Administration (FAA) (33). This 
accounts for load transfer at the joints by reducing the free 
edge stresses by 25 percent. This is tantamount to assuming 
an LTE" of 33 percent. As indicated in Figure 2, this corre
sponds to 95 percent LTE8 for a fairly concentrated load (a1 
= 0.047), whereas for a more distributed load (all - 0.584) 
the concomitant L TE8 is only 63 percent. The corresponding 
AGGI kl values from Figure 1 are about 50 and 2, respectively. 
Thus, the degree of conservatism in the FAA recommenda
tion will vary widely as a function of the size (or configuration) 
of the applied loading considered, i.e., with aircraft type. It 
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is regrettable that the uniqueness assumption is retained and 
made even more prominent in the envisaged "unified" design 
procedure, under development for the FAA by the U.S . Army 
Corps of Engineers (34 ,35). 

The effect of all is also pronounced when considering the 
relationship between TLE and LTE8 . As illustrated in Figure 
3, TLE approaches its maximum theoretical value of 50 per
cent only for rather concentrated loads. Its limit value becomes 
progressively smaller as all increases, approaching 40 percent 
for all of about 0.5. 

Effect of Slab Length and Slab Width 

In both the original 25 runs and the additional 32 runs to 
investigate the effect of all, the slab length ratio (Lil) was 
maintained at 5.0, whereas the slab width ratio (Wll) was kept 
at 3.9. Under full contact conditions, Lil = 5.0 has been 
shown to result in infinite-slab responses (18). This value is 
also close to the shortest slab length encountered in practice 
(around 15 ft). On the other hand, WI/ of 3.9 corresponds to 
(L/W) of about 1.25, which is the value us1rnlly recommended 
for this parameter [e.g., see AASHTO Guide (30)]. 

Setting all at 0.156, Wll at 3.9, and AGGlkl at 13.84, an 
additional series of five ILLI-SLAB runs was conducted in 
which Lil ranged from 1 to 9. For Lil in excess of about 4.0, 
TLE as well as LTE8 and LTEu were found to be practically 
insensitive to slab length . Even for shorter slabs, LTE8 and 
LTEa increase, whereas TLE decreases by only about 1.5 
percent per unit decrease in (Lil). 

Similarly, keeping all constant at 0.156, Lil at 5.0, and 
AGGlkl at 13.84, a series of five finite element runs was 
performed with W/l varying between 1 and 7. TLE was found 
to be insensitive to WI/ throughout the range, whereas LTE8 

and LTEa were affected only for Wll below 4. The value of 
LTE8 increases by 3 percent, whereas LTEa decreases by 8 
percent per unit decrease in Wll. Both the slab length and 
slab width investigations, therefore, suggest that slab size effects 
on TLE, LTE8 , and LTE" are not overly significant. 
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FIGURE 4 Verification of proposed curve using data by Nishizawa et 
al. (36). 
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FIGURE 5 Verification of proposed curve using data by Zimmer and 
Darter (37). 

RE-INTERPRETATION OF PREVIOUS STUDIES 

Previous studies have also produced data describing the var
iation of LTE5 as a function of the parameters entering the 
analysis of multiple-slab pavement systems with aggregate 
interlock. Implicit in the application of dimensional analysis 
described previously is the assertion that the resulting inter
pretation of the data is general. Thus, the S-shaped curve in 
Figure 1 should be valid with no regard to the individual input 
parameters assumed. It is, therefore, interesting to examine 
whether the proposed relationship between L TE5 and AGGI 
kl can be reproduced from results presented in the technical 
literature. 

Nishizawa et al. (36) presented data obtained from the 
execution of a new finite element code in the form of LTE5 

versus Klk, where K represents the joint spring stiffness per 
unit area of shear in the cross-section of the slab. This param-

eter, therefore, corresponds to A GG/h as used in ILLI-SLAB, 
or AGG/kl = (K/k) x (hit). Figure 4 presents the data by 
Nishizawa et al. (36) replotted in terms of AGGI kl and super
imposed on the ILLI-SLAB curve from Figure 1. Despite the 
fact that results from two different computer programs are 
compared, the scatter in Figure 4 is impressively narrow. In 
fact, it is significantly less than that exhibited by the original 
plot presented by those investigators. 

Similarly, Figure 5 presents a re-interpretation of a data 
base generated using ILLI-SLAB by Zimmer and Darter (37). 
In the partial factorial of 64 finite element runs performed, 
k ranged from 50 to 400 psi/in., h from 6 to 8 in., and AGG 
from 102 to 106 psi. The data obtained had been presented as 
L TE5 versus AGG for various k and h values in a total of 15 
separate curves. These, however, are usable only for the pave
ment systems employed in their derivation. The same data, 
plotted against the proposed independent variable (AGG/kl) 
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allow the consolidation of the original 15 curves into one. This 
not only confirms the generality and validity of the Figure 1 
curve (solid line in Figure 5), but more importantly it permits 
the application of the data base to cases outside the range 
considered in its development. According to Taylor (23) "per
haps [the] most important use [of dimensional analysis] to the 
engineer is as a means of developing the ability to generalize 
from experience and thus to apply knowledge to a new sit
uation. Although always perilous, generalization is essential 
to bring an element of order into an otherwise chaotic world." 
The minor scatter in Figure 5 can be attributed to the coarse
ness of the finite element mesh used to perform these runs. 

Plots of LTE. versus AGGI kl were also prepared for ILLI
SLAB data presented by Tabatabaie and Barenberg (3) and 
by Korbus and Barenberg (32). These also confirmed the 
generality of the proposed S-shaped curve in Figure 1 (5), but 
are not presented in this paper for the sake of brevity. 

PRACTICAL APPLICATIONS 

The S-shaped curve shown in Figure 1 offers the possibility 
of determining the in situ stiffness of joints and cracks. Non
destructive testing (NDT) data may be used for this purpose , 
in conjunction with a procedure to backcalculate k and/, e.g., 
program ILLI-BACK (15 ,38). The value of LTE5 can also be 
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obtained using the FWD, for example, with sensors located 
on either side of the discontinuity . Thus, knowing these three 
parameters, the in situ stiffness of the joint or crack, AGG, 
may be readily determined from Figure 1. Periodical measure
ments of this important characteristic of the pavement system 
can provide useful insights into a study of the time history of 
joint deterioration. In addition, through carefully designed 
experiments, the factors influencing AGG may be investi
gated. These include the joint (or crack) width, ambient tem
perature, aggregate shape, and resistance to polishing. 

The proposed backcalculation approach may also be used 
in interpreting experimental results published in the litera
ture. Consider, for example, the data presented by Colley 
and Humphrey (13). These investigators tested slabs whose 
effective length may be considered infinite, since they restrained 
the upward movement of the slab ends when the joint was 
loaded. The slab width, however, was only 46 in., or less than 
2.0 I. Accordingly, their reported Eff values were first con
verted to LTE5 , and these were then adjusted by decreasing 
them by 3 percent per unit change of WI/ when the latter was 
less than 4.0. Both the data reported by Colley and Humphrey 
(13), and the results of the backcalculations conducted in this 
study are given in Table 1. 

A word of caution is in order concerning the numerical 
accuracy of the backcalculated AGG values. These values are 
based on data read off the figures in the original paper , which 
themselves consist of best-fit curves to the actual experimental 

TABLE 1 BACKCALCULATION OF JOINT STIFFNESS FROM DATA BY COLLEY AND 
HUMPHREY (13) 

h k 2 (a/2) (W/i) w Eff LTE 0 (AGG/kf.) AGG 
in. psi / in . in . in. % % psi 

7 89 35.1 0.228 1.31 0.035 89 72 4 . 1 l.3E+04 
9 89 42.3 0.189 1. 09 0.035 92 76 5 . 4 2.0E+04 

7 145 31. 0 0.258 1. 48 0.065 82 62 2 . 2 l.OE+04 
7 145 31. 0 0.258 1.48 0.045 88 70 3 . 7 1. 7E+04 
7 145 31. 0 0.258 1.48 0.035 88 71 3 . 8 1. 7E+04 
7 145 31. 0 0.258 1. 48 0.025 93 78 6.2 2.8E+04 
7 145 31. 0 0.258 1. 48 0.015 98 88 14.2 6.4E+04 

9 145 37.5 0. 213 1. 23 0 . 085 40 17 0 . 2 l.1E+03 
9 145 37 .5 0.2 13 1. 23 0.065 78 56 1. 6 8 . 9E+03 
9 145 37.5 0. 213 1. 23 0.045 98 88 14 . 6 8 . 0E+04 
9 145 37.5 0. 21 3 1. 23 0.035 99 89 16 . 8 9.1E+04 
9 145 37.5 0. 213 1. 23 0.025 99 90 19.0 l . OE+05 

9 452 28.2 0 . 284 1. 63 0.085 84 65 2.7 3 . 4E+04 
9 452 28.2 0.284 1. 63 0.065 92 78 6.1 7 . 7E+04 
9 452 28.2 0.284 1. 63 0.035 98 89 17 . 4 2 . 2E+05 

Note: E ~ 4 . 6 x 10 6 psi (based on unconfined compres s ive stress 
data); µ = 0 . 15; a = 8 in . ; w = 46 in . 
Eff values are as reported by Colley and Humphrey. 
LTE 0 = (Eff/( 200-Eff ) ) x 100% . LTE 0 values given are 
adjusted for slab width. 
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results. In addition, Figure 1 was used in the backcalculation, 
using LTE8 values adjusted as noted above. For these reasons, 
the backcalculated AGG values may be considered as approx
imate (perhaps within ± 30 percent), giving a fairly good pic
ture only of the order of magnitude of this parameter for the 
test conditions investigated. 

Of particular interest to users of ILLI-SLAB or of similar 
finite element codes is the fact that Figure 1 provides the 
opportunity to determine a priori the value of AGG to be · 
provided as input to the program to achieve a desired level 
of LTE8 • Until now, guidelines for the selection of AGG had 
been scarce, and this process has often been one of trial and 
error. 

Nishizawa et al. (36) outlined a method that may be used 
to relate joint stiffness to the joint opening. This method 
involves using the following simple empirical equation, which 
expresses L TE8 as a linear function of a w: 

LTE8 (percent) = 100 - 25 w (millimeters) (10) 

Equation 10 appears to be a best-fit straight line through the 
data by Colley and Humphrey (13), reproduced in Table l. 
A logarithmic expression may also be fitted to the relation 
between LTE8 and relative joint stiffness (such as that shown 
in Figure 1). Thus, combining these two equations, a third 
may be obtained relating the joint stiffness to w. Such a pro
cedure is treacherous, however, because it involves combining 
an empirical relation with a mathematically exact function. 
The accuracy and reliability of its outcome are often hard to 
establish and rarely can be used successfully in a quantitative, 
as opposed to a merely qualitative, manner. 

It may be ·reasonable to postulate that a curve similar to 
that in Figure 1, relating LTE8 and the relative joint stiffness 
of the pavement system, should also exist for pavements fitted 
with dowels as the primary load transfer mechanism. In con
sequence, the relationships depicted in Figures 2 and 3 would 
also hold for doweled pavements. The pertinent questions 
that need to be answered are how to define the relative joint 
stiffness of a doweled pavement system, and how to relate 
this to such factors as dowel spacing, joint opening, and the 
modulus of dowel support. . Research in this direction is con
tinuing at the University of Illinois. 

AGGREGATE INTERLOCK EFFECTS IN 
CURLING ANALYSIS 

One of the primary concerns in designing load transfer mech
anisms for a pavement system is the possibility of a detri
mental effect when external loads and a temperature differ
ential are considered simultaneously. With respect to doweled 
joints, in particular, Kelley (28) cautioned that "dowels that 
are too stiff may cause more distress in the pavement slab 
than would result from their complete omission," due to an 
increased "restraint to longitudinal warping." In recent years, 
there has been considerable interest in devices that would 
"take up the shear forces due to the passage of vehicles by 
preventing vertical movements, while allowing longitudinal 
movements created by thermal changes" (39). Such a shear
only load transfer mechanism can be modeled using the 
Aggregate Interlock Option in ILLI-SLAB. This program 
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was, therefore, used to examine the response of a two-slab 
system with aggregate interlock, under combined externally 
applied and thermal loading conditions. 

A partial factorial of 16 ILLI-SLAB runs was performed 
for this purpose. The governing independent variable (CtiiT) 
was set at 1.5 x 10- 4

, which corresponds to a daytime tem
perature differential of about 30°F. Daytime conditions are 
often considered to be critical when combined with an exter
nally applied edge load (20,40). To reduce the number of runs 
required, all was fixed at 0.23, since its effect on LTE8 was 
found to be small. Under a temperature differential the effect 
of the load size ratio most likely will be more pronounced, 
particularly with respect to slab bending stresses (20). This 
outcome, however, should not influence the broad conclu
sions sought here with respect to the impact of aggregate 
interlock on curling responses. Setting L equal to W, two 
values rJf the slab size ratio, Lil, were considered, namely, 
4.1 and 14.8, simulating the behavior of a short and an infinite 
slab, respectively. Finally, the joint stiffness ratio AGGI kl 
was set to 1.0 for a low efficiency joint and at 10.0 for a high 
efficiency joint. These inputs gave rise to four runs for each 
of the following three loading conditions: external load only , 
curling only, and combined curling and external loading. In 
addition, four extra runs were performed to examine the cor
responding single-slab case: two for external loading only, 
and two for combined loading (one for each of the two Lil 
values). The response of a single slab under curling-only con
ditions was identical to that of each of two slabs connected 
by aggregate interlock, and it was not repeated. 

The results obtained by finite element are presented in 
Table 2. Under curling-only conditions, joint stiffness caused 
by a pure-shear mechanism does not affect the response of 
either a short or a long slab. In contrast, a mechanism that 
involves bending as well may be expected to increase the 
curling-only stresses, particularly in shorter slabs. Thus, a 
pure-shear load transfer system would reduce edge stresses 
caused by the load, without increasing the curling-only stresses. 
This response would be especially desirable during the early 
life of the pavement system when the slab strength has not 
yet developed fully. 

For either of the two levels of AGG/kl considered, very 
similar LTE8 and LTE" values are obtained for both the short 
and long slabs if the external load is considered alone. In 
contrast, under combined external load plus temperature dif
ferential conditions, a substantial improvement in load trans
fer efficiency is obtained in either slab size level, as AGG/kl 
increases. It is also interesting to observe that the principle 
of superposition (conventionally used to obtain the maximum 
combined stress) applies fairly well in the case of long two
slab systems, but leads to considerable underestimates when 
short slabs are analyzed. 

The maximum combined stresses in the two-slab systems 
are also lower than the corresponding stresses in the single 
slabs, especially for the higher AGGI kl value. Thus, aggregate 
interlock (and by implication, pure-shear devices) perform 
best when needed the most, without increasing curling-only 
stresses. A manufactured shear-only load transfer mechanism, 
installed either during or after pavement construction, would 
also largely eliminate the durability and deterioration prob
lems experienced when relying on natural aggregate inter
lock alone . 
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CONCLUSIONS 
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TABLE 2 AGGREGATE INTERLOCK EFFECTS IN CURLING ANALYSIS 

RUN (L/ 1) (AGG/kl) li.L 
mils 

(a) Load Only: Two Slabs 

1 
2 
3 
4 

14 . 8 
14 . 8 

4 . 1 
4 . 1 

1. 0 
10 . 0 

1. 0 
10. 0 

8 . 5 
6 . 6 
9 . 5 
7 . 5 

ti.u LTE.s 
mils % 

O'L uu 
psi psi 

3.6 42 314 
5 . 4 83 257 
4 . 4 46 310 
6 . 3 85 252 

40 
96 
34 
92 

LT Eu 
% 

13 
37 
11 
36 

Pt TLE 
kips % 

3.2 
4.2 
3 . 2 
4.1 

32 
42 
32 
41 

(b) Curling Only : Two Slabs. or One Slab 

5 
6 
7 
8 

14 .8 
14 . 8 
4.1 
4 . 1 

1. 0 
10 . 0 

1. 0 
10 . 0 

14 . 9 
14 . 9 
1. 2 
1. 2 

14 . 9 100 311 
14 . 9 100 311 
1.2 100 68 
1. 2 100 68 

311 100 
311 100 

68 100 
68 100 

0 
0 
0 
0 

0 
0 
0 
0 

(c) Load + Curling : Two Slabs 

9 
10 
11 
12 

14 . 8 
14. 8 

4 . 1 
4 . 1 

1. 0 
10.0 

1. 0 
10 . 0 

23. 9 
21. 9 
14 . 9 
12.7 

18.8 
20.8 

9 . 2 
11 . 5 

79 628 354 
95 571 411 
62 417 132 
91 356 194 

56 
72 
32 
55 

3 . 5 
4.5 
3.6 
4 . 4 

35 
45 
36 
44 

(d) Load Only: One Slab 

13 
14 

14.8 
4 . 1 

12.l 
13 . 9 

354 
344 

(e) Load + Curling : One Slab 

15 
16 

14.8 
4.1 

27 . 8 
20 . 5 

669 
461 

Note : E - 4xl0 6 psi ; µ - 0 . 15; h - 8 in . ; k - 500 psi/in . ; 1 
- 24 . 3 in.; P - 10 kips; p - 100 psi; a - 5 x 10" 6 

in./in.°F ; 6T - +30 °F; L - W 

the very complex phenomena occurring at such discontinuities 
have largely been ignored, as a result of a tendency to think 
wishfully that Westergaard is dead . 

The study of the behavior of joints and cracks in slab-on
grade systems is the primary justification for the development 
of all analytical procedures pertaining to so-called " rigid pave
ment." Were it not for the presence of such discontinuities, 
the contributions of pioneers like Westergaard, Bradbury, 
and Pickett would hardly have commanded the respect they 
have enjoyed for decades among pavement engineers. Exten
sive laboratory and field studies of joint performance have 
also been undertaken since the early 1900s, involving a great 
investment of both time and money. Investigators such as 
Older, Teller and Sutherland, Kelley, or Benkelman owe a 
significant portion of their well-deserved reputations to such 
investigations. It is unfortunate that in more recent years
following the rise to prominence of the personal computer-

This paper i intended as a constructive contribution to th 
debate urrounding the adoption by ome agencies of a " uni
fied ' analy is and design approa h. Unfortunately this often 
means that the particular identifying charact ristics of ' rigid" 
pavement sy tem (with joint behavior topping the Ii t) are 
entirely disregarded , but not without potential penalties. 

In this investigation, it has been shown how a sophisticated 
analytical tool (the finite element method) and a time-honored 
numerical data interpretation approach (dim~nsiom1J analysis) 
can be combined to yield a simple description of the complex 
problem at hand . Thi · explanation can ea ily be incorp rated 
into a per onal computer algorithm for routine applica tion. 
T he methodology described also offers the following pos i
bilities: 
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1. Back calculation of in situ joint stiffness using NDT data; 
2. Reinterpretation and compromise of available labora

tory and field test results, which may have been apparently 
contradictory; 

3. Abandonment of long-held false perceptions, such as 
those pertaining to the uniqueness of the relationship between 
LTE5 and LTEa, or to the futility of searching for such a 
relationship altogether; 

4. An improved understanding of more complex load trans
fer mechanisms, such as doweled systems; 

5. Evaluation of the desirability of pure-shear devices ; and 
6. An approach for analyzing the effect of multiple-wheel 

loads, when results obtained are combined with the ESAR 
concept. 
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Mechanistic Design Considerations for 
Punchout Distress in Continuously 
Reinforced Concrete Pavement 

DANG. ZOLLINGER AND ERNEST J. BARENBERG 

A ' tudy wa undertaken al the University or fllinois to develop 
a mechanistic de ign approach for continuously reinforced con
crete (CRC) pavement to account for pun hout distress. A mech
anism relating to the loss or load transfer and 1he progre sive 
development of punchout-related distress is pre ented. Analysis 
procedures, demon trared to implement the mechanism a a 
rationally based thickness design procedure for R pavement, 
suggest that the optimal crack interval is between 3 and 4 ft. 
Present R design methodologies focus on limiting to certain 
design criter.ia cracking intervals. crack width, and stress in the 
reinforcements. Load transfer mechanisms have not been con-
idered in the limiting design criteria mid consequently are 1101 

included in these design procedur . The e method attempted 
to determine the design pavement thickness based on lhe com
bined effects of environmental and load-related stress on the final 
crack pacing, which mu t be limited to the design cracking cri
teria. However, pasr experience ha indicated th at a certain per
cen tage of crack spacing u uaUy fall.s below the pecified mini
mum crack interval. These data suggest a greater tendency for 
punchouts to develop within this lower range of crack spacing. 
How pavement thicknes percent reinforcement, and crack spac
ing may be con idered with r peel to pavement spa lling and lo s 
of load transfer in the proces of punchout dcvcl pment are 
outlined . 

Continuously reinforced concrete (CRC) pavements exhibit 
distinctive cracking patterns induced by the restraint to vol
umetric strains in the concrete material caused by the rein
forcing steel. This type of pavement, in which the longitudinal 
reinforcement is placed in ·a continuous configuration, can be 
considered as an alternative to jointed concrete pavement in 
some instances . Once the transverse cracks develop , the role 
of the reinforcement is to maintain the crack width below 
certain levels so that, in combination with the pavement thick
ness, a high degree of load transfer efficiency can be achieved 
throughout the design life. The primary pavement distress in 
CRC pavements is the punchout and faulting between closely 
spaced transverse cracks . This distress is a manifestation of 
the loss of load transfer across the transverse cracks. There
fore, there is evident need for thickness design analysis of 
CRC pavement based on punchout failure mechanisms to 
improve the reliability against premature punchout devel
opment. 

D. G. Zollinger, Department of Civil Engineering and Texas Trans
portation Institute, Texas A&M University, College Station , Tex. 
77843. E. J. Barenberg, Department of Civil Engineering, University 
of Illinois, Urbana-Champaign, Ill . 61801. 

Present thickness design procedures for CRC pavements 
are either based on a thickness ratio between CRC pavement 
and jointed concrete design thickness (1,2) or are indirectly 
related to limiting design criteria for calculated structural 
response parameters (3), or both. Neither of these methods 
for selection of the design thickness of CRC pavement con
siders load transfer across the transverse cracks directly . The 
latter method, which has been adopted into the 1986 AASHTO 
Design Guide (3) and into the Concrete Reinforcing Steel 
Institute (CRSI) design manual (4) for CRC pavement , 
approaches the design of CRC pavements by focusing on the 
prediction of crack spacing, crack width, and steel stress as a 
function of wheel load and environmentally induced contrac
tion . The design crack width and steel stress are dependent 
on the design crack spacing, which is a function of the per
centage of reinforcement and wheel load stress. Therefore, 
the percentage of reinforcement (and the wheel load stress 
as input) is determined so that the limiting design criterion 
applied to crack spacing, crack width, and steel stress indi
rectly produces a design pavement thickness. The design 
thickness is derived from this procedure because the percent 
of reinforcement and the wheel load stress are a function of 
the pavement thickness. 

Present procedures recommend that crack spacing should 
be selected so that the crack width is small enough to minimize 
the entrance of surface water and to provide the necessary 
load transfer through aggregate interlock (5). The cracking 
design criteria have evolved over time to include shorter cracking 
intervals. Intervals initially were set between 5 and 8 ft based 
on deflection test results and steel corrosion studies (6). Most 
recently minimum crack spacing has changed to as low as 3 
ft based on an arbitrary load transfer and pavement stiffness 
relationship. Field performance has suggested that the max
imum crack spacing is a function of pavement spalling and 
should range between 6 and 8 ft (7). Frequently, punchout 
distress shows up in pavement sections with crack spacing of 
1 to 2 ft. In spite of the limiting design criteria, a certain 
percentage of crack spacing usually falls below the specified 
minimum crack interval. A short cracking interval has been 
recognized as an undesirable feature (6). 

Correlations between CRC pavement thickness and jointed 
pavement thickness are taken from present serviceability index 
ratings for jointed concrete pavement. The thickness design 
of jointed pavements was derived from performance equa
tions developed from the AASHO Road Test predicting the 
future serviceability as a function of equivalent 18-kip single
axle load applications. These methods usually have resulted 
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in thicknesses less than that for jointed concrete pavement. 
Reported correlations were also made based on deflections 
comparisons (8) made in Texas, but they were not as conclu
sive. The 1986 AASHTO Design Guide describes thickness 
design for jointed and continuously reinforced concrete pave
ments by the same performance equations, meaning no reduc
tion in CRC thickness. These equations consider the traffic 
level, concrete strength, modulus of support (K value), load 
transfer , terminal serviceability index , and design reliability . 
Load transfer is characterized by a load transfer coefficient 
(J), which is recommended in terms of the shoulder type . 
Tied concrete shoulders allow for lower J factors , which learls 
to less thickness . The J factor ranges from 2.9 to 3.2 for an 
asphalt shoulder to 2.3 to 2.9 for a tied concrete shoulder. 
Justification for the J factor has been somewhat subjective in 
past design guides (9,10) and still is to a certain extent, inas
much as it is based on experience and mechanistic stress anal
ysis (3). The applicability of equations and relationships 
de.scribing the performance of jointed concrete pavements to 

R pavements has never been verified . Many state thickness 
standards have established 8 in. as a minimum CRC pavement 
thickness. However, the trend has been toward greater CRC 
pavement thicknesses since reports bave been favorable of 
10-in . RC pavements under heavy traffic loads (l J). Current 
design practice in which yielding pavement thicknesses are 
too thin has been under suspicion (12) . 

Several early failures have been attributed to excessive 
deflections under heavy loads, suggesting that greater thick
nesses will improve performance. A move toward greater 
design thicknesses for CRC pavements is likely to be bene
ficial for performance. It appears, however, that the recom
mended increase in thickness is arbitrarily determined in the 
most recent version of the AASHTO Design Guide, i.e., there 
appears to be no well-defined, rational method to determine 
the thickness of CRC pavement. Since punchouts are the 
primary structural type of distress in CRC pavements, there 
is a need to understand punchout distress mechanisms and 
how they relate to thickness design and pavement perfor
mance to establish a basis for mechanistic thickness design . 
Arguments for increased CRC design thicknesses are difficult 
to justify unless punchout-related mechanisms are incorpo
rated into the design procedure. Given Lhe u11ce1 Lain perfor
mance of CRC pavement, there is little doubt that thickness 
design must address more directly the variables that influence 
punchout performance (12). 

Recently developed mechanistic analysis (13-15) models 
have established markedly different types of structural behav
ior between jointed and CRC pavements. Consequently, con
sideration for load and support conditions different from those 
of the AASHO Road Test in mechanistic terms extends beyond 
the design procedure of a simple thickness ratio (10). This 
problem is particularly evident in the consideration of stresses 
and strains leading to the development of punchout distress 
in CRC pavements. Since it is not reasonable to determine 
CRC design thickness based on jointed concrete behavior , a 
constant thickness ratio may not provide adequate reliability 
against the development of premature punchout distress . Based 
on a review (16) of the nature of and factors leading to 
punchout distress , a brief discussion and analysis of the failure 
modes associated with the punchout process in CRC pave
ments are presented . 
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BASIC FAILURE MODES LEADING TO 
PUNCHOUT DISTRESS 

Four failure modes , relating to punchout distress based on 
the results of an in-depth field study (16) , are proposed as 
fundamental thickness design considerations for CRC pave
ments. The analysis of the failure modes is based a priori on 
uniform support conditions. This analysis requires the use of 
a non- or low-erodible subbase. The failure modes are illus
trated in Figure 1 in typical developmental sequence. Mode 
I failure is fracturing because of reinforcing bar pullout from 
the surrounding concrete . Fracturing of this nature has been 
noted in concrete pullout tests (17,18) and develops in the 
concrete at a steel stress range of 14 to 18 ksi. Field measure
ments of steel strains at the crack face indicate that this range 
of stress is frequently exceeded in the colder months of the 
year. Cyclic bond stresses in the concrete induced from envi
ronmental factors can result in a crack growth process, noted 
in the field study (16), around the reinforcing bar, effectively 
destroying the load transfer capability of the bar as a void 
develops. Additionally, a loss of bond stiffness (19) and pave
ment bending stiffness occurs. Bearing failure or rebar loose
ness can also lead to a void around the reinforcement and 
can have a detrimental effect on the pavement performance 
similar to the pullout fracture. Pullout failure may be difficult 
to avoid since the threshold stress is frequently exceeded. 
Therefore, the load transfer contribution of the reinforcing 
bar should be ignored. 

Mode II, spalling of the transverse crack, is a function of 
the pavement stiffness. Because of the above assumption about 
the development of rebar voids , the pavement stiffness is 
significantly reduced. A certain amount of support loss can 
be allowed because results from the field study indicate that 
good performing CRC pavements have experienced some loss 
of edge support. As suggested in one study , there may be a 
reduction in pavement stiffness at the cracks because of grad
ual joint deterioration and declining load transfer efficiency 
(20) . These conditions provide adequate justification to deter
mine spall-related stresses based on a reduced pavement stiff
ness . The pavement stiffness cycles between high and low, 
mostly as a function of the temperature and the concomitant 
opening and closing of the cracks. The reduction in stiffness 
behavior, which occurs on a daily basis, can be assumed to 
predominate during the winter season. Reduced pavement 
stiffness is not only a function of the crack width (21) but also 
of the position of the reinforcing steel (22). Therefore , spall
related stresses can be determined as a function of the pave
ment stiffness , design crack width, steel percentage, and the 
position of the reinforcement in the lab. The narrower the 
transverse cracks the stiffer the ov rail pavement system, which 
in turn lowers the spall-related stresses. This mode of failure 
is a visual sign of progressive punchout development. 

Failure mode III, shown in Figure 1, is a loss of load transfer 
along transverse cracks. Since the bar is assumed to provide 
no load transfer, the load transfer of the crack is solely a 
function of the crack width. Given a constant crack width, 
the load transfer will decrease under repetitive loading. The 
resulting load transfer efficiency is based on test results by 
the Portland Cement Association (PCA) (5) for 1 million load 
applications, which are interpreted as 1 million coverages. 
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CONE PULLOUT FRACTURE SPALLING ON CRACK FACE 

I II 

LOSS OF LOAD TRANSFER LONGITUDINAL CRACKING 

m 

FIGURE 1 Failure modes related to punchout distress in CRC pavement. 

The final mode of failure, mode IV, is related to bending 
stresses in the transverse direction. These stresses typically 
are not significant in CRC pavement so long as there is a high 
load transfer across the cracks (before spalling) or the crack 
spacing is greater than 4 ft. Transverse bending stresses should 
be considered in most instances since the crack spacing distri
bution in CRC pavement typically ranges below 4 ft. The load 
transfer has been noted to decrease significantly with spalling 
(type 2) in CRC pavements with thicknesses between 8 and 
10 in. The transverse bending stresses should be increased in 
response to the change in load transfer. 

SHEAR AND LOAD TRANSFER MECHANISM 

As suggested in the description of mode I failure, a reduction 
in pavement stiffness may result from either pullout failure 
or bearing failure around the steel, both of which have been 
observed in field studies. The alternative to the development 
of excessive bar looseness is cone pullout fracture, which, if 
it occurs, will be the dominant cause for loss of pavement 
stiffness. In either case, the load transfer capability of the 

steel is lost and the load transfer consequently becomes de
pendent on the crack width and the aggregate interlock . Col
ley and Humphrey (5) of the PCA developed laboratory test 
data investigating the effect of crack width caused by aggre
gate interlock on load transfer characteristics in concrete 
pavements. This study was conducted using an instrumented 
test slab shown in Figure 2 subjected to a repetitive 9-kip 
load . The joint in the test slab was an induced crack from a 
metal strip 1 in. in height placed at the pavement bottom and 
top . During the repetitive loading, measurements of joint 
opening and slab deflections on the loaded and unloaded slab 
were made at regular intervals. The loading sequence across 
the joint was similar to a continuous application of truck loads 
traveling approximately 30 mph. Test results in the form of 
joint effectiveness (E), joint opening, and loading cycles for 
a 7- and a 9-in. slab thickness using a 6-in. gravel subbase are 
shown in Figure 3a and b. Joint effectiveness is similar to load 
transfer efficiency in that if the deflections on the loaded and 
unloaded slabs are equal then the joint effectiveness is 100 
percent. [Note: the load transfer efficiency (L TE) is the 
unloaded deflection divided by the loaded deflection , in per
cent.] 
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FIGURE 2 Plan of PCA test slab and instrumentation (5). 
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FIGURE 3 Influence of joint opening on effectiveness: (top) 
9-in. concrete slah, 6-in. gravel suhhase (5); (bottom) 7-in. concrete 
slab , 6-in. gravel subbase (5). 

The results indicate that the joint effectiveness tends to 
level off after about 700,000 to 800,000 load applications. The 
level of joint effectiveness at 1 million applications may pro
vide a useful basis relating joint or crack width to an ultimate 
joint effectiveness for design purposes. Figure 4 shows the 
change in the final joint effectiveness with the joint opening 
for the 7- and 9-in. thicknesses. Some results were also obtained 
for other subbase types and are shown in Figure 4, which 
indicate that foundation strength can improve the load trans
fer performance. The results from the 7- and 9-in. thicknesses 
are linearly extended to include other thicknesses. The joint 
effectiveness from the linear extensions was converted into 
load transfer efficiency and replotted in Figure 5. Further 
laboratory tests and field studies should be conducted to val
idate the extrapolations made from the PCA test data . 

To extend the results of the PCA load tests to other load 
conditions and pavement configurations, load or shear stresses 

caused by the aggregate interlock must be determined for the 
test conditions. Using the load results directly is not reason
able since the laboratory loading conditions are different from 
those in actual CRC pavement. This difference is mostly because 
of the width of the test specimen, load position, and the height 
of the roughened interface where the aggregate interlock func
tioned. All of these factors can be accounted for in the slab 
analysis model ILLI-SLAB (13). This model allows deter
mination of the load transferred by the aggregate interlock 
at each node along the transverse crack. Modeling the test 
slab with the ILLI-SLAB program yielded load stresses on 
the joint face for the test thicknesses plus the range of thick
nesses in which the load transfer data had been extended . 
These results are shown in Figure 6. 

Shear stresses can be found from other slab configurations, 
such as CRC pavement with closely spaced cracking (Figure 
7), and related to the test slab conditions. A comparison of 
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FIGURE 7 Shear load for various load conditions. 
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a bituminous shoulder and a 2-ft extended driving lane is made 
in Figure 7 with the PCA test slab. An edge load position for 
the bituminous shoulder is adjacent to the outer pavement 
edge where an edge load position for the extended driving 
lane is 2 ft from the outer pavement edge. Greater shear 
stresses occur with a bituminous shoulder condition. The edge 
loading of a bituminous shoulder with non-uniform support 
represents the most severe loading conditions for shear stresses, 
as would be expected . The non-uniform support condition 
(see Figure 13) extends across the lane under the loaded slab 
in the ILLI-SLAB model. The loading condition for a 2-ft 
extended driving lane is not as severe as the loading conditions 
for the PCA test slab, whereas a bituminous shoulder load 
condition with the rebar contributing to the load transfer fur
ther lowers the shear stress. However, the latter difference is 
not as pronounced with L TEs greater than 90 percent. Little 
difference in shear stress is noted between an interior load 
position (inner wheel path) and the edge load position with 
the extended driving lane. Similar results were found between 
a 10-foot tied concrete shoulder and the extended driving lane. 

Figure 6 in<lic.:ales ll1e L TE for a given thickness nnd load 
stres information that is entered into Figure 5 to <let rmine 
the required joint oreni ng (or crack width in the case of R 
pavements) to maintain the given level of LTE for 1 million 
coverage . Usi ng Figures 6 and 5, in that order, the corre-
p nding limit ing crack width ar found and illustrated in 
igure . This figure draw a c mparison of edge loading 

between a .bituminou shoulder and a 2-ft extended driving 
lane, with change in slab thickness at approximately a 95 
percent LTE. This figure de cribes a fundamenta l re lati n ·hip 
between required r limiting crack width and pavement thick
ness in terms of load transfer applicable to CRC thickness 
design. 

SPALLING ON THE TRANSVERSE CRACK 

Spall ing in C L<. -· pavement has been h wn to be related lo 
the loss of bending stiffnes at the transverse crack (16). Dis
cussions and results indicated that the reduction in bending 
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stiffness was cyclic in nature and dependent on the overall 
pavement temperature. Effective stiffness determined from 
NDT results indicated that a reduction in pavement bending 
stiffness of 90 percent was not uncommon. On this basis, spall 
stress can be determined using equations derived from elastic 
analysis of a crack section presented for the reduced moment 
of inertia (/erk): 

d = depth of steel, 
t = pavement thickness, and 

p = percent of steel [steel area (As)/concrete area (Ac)]. 

The reduced bending stiffness is found from a ratio of the 
cracked moment of inertia to the uncracked moment of inertia 
(Figure 9). 

Zuk's (21) laboratory results for a cracked section shown 
in Figure 10 provide a relationship between the bending stiff
ness and the crack width for a cracked section. This relation
ship is extended to other cracked sections on the basis of the 
cracked moment of inertia, which is a function of the percent 
and position of the reinforcement. The percent reinforcement 
in the test specimens used by Zuk was 2.2 percent. The cracked 
moment of inertia for the test specimens was 17. 9 percent of 
the gross moment of inertia (/

8
). The same analysis can be 

applied to different thicknesses of CRC pavement shown in 
Figure 9 for 0.7 percent steel with various depths to the cen
troid of the reinforcement. Using the ratio between the per-

/erk b(kd)3/3 + Nas(d - kd)2 

(kd) 3/3 + ntp(d - kd)2 (per width b) 

where 

b = unit width, 
kd = distance to the neutral bending axis of the trans

formed section, 
n = modular ratio [steel modulus (£,)/concrete modulus 

(Ee)], 
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FIGURE 11 Transformation of cracked CRC pavement 
section. 

cent reduction in the lg for the CRC pavement sections to the 
percent reduction in lg of the Zuk test specimens, a bending 
stiffness and crack width relationship can be developed for 
CRC pavement shown in Figure 10. In this figure, a com
parison between the bending stiffness of a Zuk test specimen 
and a 9-in. cracked CRC section with 0.7 percent steel placed 
at various depths is shown. A crack width/stiffness relation
ship is defined as a function of the depth of steel. 

The spall stresses may be found from the compressive and 
shear stress that develop on the transverse crack face while 
under load. Shear stresses, which have been discussed pre
viously, and compressive stresses found independent! y and 
superimposed on the crack face can be one method of finding 
the spalling stress. The compressive stresses can be deter
mined using ILLI-SLAB to model a transformed section of 
CRC pavement. The transformed section is the equivalent of 
a cracked section with steel reinforcement that has homo
geneous material properties and provides the same bending 
stiffness as the cracked section (Figure 11). The cracked moment 
of inertia is used to determme the depth (he) ot the trans
formed section as he = 3V (12Icrk) (per unit width). A com
parison between the depth to steel (d), depth to the neutral 
axis (kd), and the equivalent depth (he) indicates that the 
equivalent depth is greater than kd but less than d. The equa
tion for k is found in terms of the depth to the centroid of 
the steel. 

k = {[pn(pn + 2r)] 112 - np}lr 

where r is the ratio of the depth to the centroid of the steel 
(d) to the pavement thickness (t). 

The equivalent depth (Figure 11) is input into ILLI-SLAB 
as the depth of the elements comprising a special case trans
verse crack. Load transfer by aggregate interlock is normally 
modeled in the ILLI-SLAB program by a spring element with 
1 degree of freedom with displacement in the vertical direction 
at each node (13). The special case transverse crack is repre
sented with reduced depth elements to model the change in 
bending stiffness that occurs at the crack. Modeling the trans-
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verse crack in this manner allows compressive stresses (aex) 
and the bending moment (Me) to be determined for the equiv
alent section as 

The compressive stress (acx) of the cracked section is based 
on the equivalent bending moment (:rigure 12): 

Me= Cjd = Tjd 

= O"cxkd(d - kd/3)/2 

O"cx = 6Me/[kd2(3 - k)] 

The compressive stress is a function of the depth of the rein
forcement (d) below the pavement surface, as shown in Figure 
13. Compressive stresses for supported and unsupported con
ditions are included in the figure. In an unsupported condi
tion, the pavement is only partially supported across the width 
of the lane shown in the figme. This condition is represented 
in ILLI-SLAB by a reduced K value under the loaded slab. 
The depth of steel is extended to the bottom of the pavement 
section, which represents the stresses, which are small, in an 
uncracked section. The compressive stresses approach this 
condition for high radius ofrelative stiffness (lk) values. (Note: 
lk = [Eh3/[12 (1 - µ,) 2k]}11', where E, h, andµ, are the mod
ulus of elasticity, pavement thickness, and Poisson's ratio, 
respectively.) The compressive stresses are much greater in 
the region of low lk values. The compressive stresses are a 
function of the depth of steel in this region. 

The finite element method (FEM) was again employed to 
develop spall-related stresses from a combined loading of 
compressive and shear stresses. The FEM mesh with the 
superimposed loading is shown in Figure 14 in which a 6-in. 
section of pavement was modeled using a linear, plane strain 
element. A boundary condition of zero displacement was used 
on the opposite boundary. The FEM results were consistent 
as long as the model section of pavement was 6 in. or greater. 
The maximum tensile stress normally occurs near the neutral 
bending axis on the crack face. Field results indicated that 
severe spalling is approximately 2 to 3 in. in depth. Spalling 
can begin closer to the pavement surface for unsupported 
conditions since the shear stress may not act over the full 
pavement thickness. Shear stresses were limited to the pave
ment above the steel for the unsupported conditions, whereas 
shear stresses were applied over the full pavement depth for 
the supported conditions. The support conditions have a sig-

d 
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Equivolenl Seclion Crocked Section 

FIGURE 12 Bending moment in equivalent and 
cracked sections. 
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FIGURE 13 Compressive stress for a bituminous shoulder of a cracked section 
based on ILLI-SLAB analysis. 
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are shown; nodal coordinates are in inches.) 

nificant effect on the spalling stresses. The modeling of unsup
ported loading conditions tends to verify the field observa
tions. The maximum tensile stresses are shown in Figure 15 
as a function of the depth to steel and the support condition. 
The extended driving lane and the 10-ft tied shoulder reduce 
spalling stresses approximately 30 percent. 

Figures 10 and 15 indicate that the crack width and the 
depth of steel have an influence on the pavement stiffness 
and consequently will also influence the spall stresses. Figure 
16a illustrates the relationship between spall stress and pave
ment stiffness (caused by the effect of depth of steel). This 
information can be combined with information from Figure 
10 to draw a relationship between crack width and spall stress 
for a given depth of steel shown in Figure 16b. The change 
in spall stresses is on the order of 50 to 60 psi between the 
range of crack widths of 10 to 40 mils (1 mil = 10- 3 in.) . 
Crack widths below 10 mils correspond to low spall stresses. 

This value corresponds to conditions of high pavement stiff
ness, as measured by lk values at transverse cracks approxi
mately 30 in. and greater, which may exist roughly 25 percent 
of the time. 

TRANSVERSE BENDING STRESSES 

The formation of longitudinal cracking by lateral stresses caused 
by wheel load has been thoroughly reviewed by others (11) . 
Crack spacing and load transfer have been shown to signifi
cantly affect the lateral stresses. Transverse bending stresses 
(rra), illustrated in Figure 17a, are low at high values of LTE. 
Based on ILLI-SLAB results, the effect of support conditions 
are shown for a 2-ft crack spacing in Figure 17 b. These stresses 
are significant below an LTE of 70 percent but increase at a 
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uniform rate below 90 percent LTE. In comparison, the lon
gitudinal bending stresses (ah) are relatively low and normally 
of no concern. According to these results, loss of load transfer 
has a more significant effect on the bending stresses than does 
loss of support. The loss of load transfer must develop before 
longitudinal cracking stresses develop. This point reemphas
izes the importance of the spalling mechanism discussed pre
viously in a thickness design procedure. 

Figure 18 illustrates a comparison between a. and ab and 
provides some basis for selection of optimal crack spacing. 
The ab stress drops with decreasing crack spacing as long as 
the load transfer remains high. In the case of spalling and loss 
of load transfer, a crack spacing between 3 and 4 ft is desired. 
This cracking interval is selected because if the L TE remains 
high then either of the stresses within that range is not exces
sive. However, if the LTE becomes low then the stresses 
corresponding to the high load transfer condition will not be 

exceeded. Crack spacing outside of this range will cause higher 
stresses in either case of LTE, leading to a shorter fatigue 
life. The crack spacing range of 3 to 4 ft provides a balance 
between the maximum stresses a. and ab, causing the stresses 
to be somewhat independent of the load transfer. Spall stresses 
can have a significant influence on the thickness design for a 
2-ft crack spacing but would have less of an impact for a 4-ft 
crack spacing. Deflection and subgrade stresses are not a 
problem unless the cracking spacing drops below 3 ft. A bal
anced condition between stresses a. and ab results in the case 
of a 2-ft extended driving lane or a 10-ft tied shoulder for a 
crack spacing range between 5 and 6 ft. The stresses are much 
lower than those for the bituminous shoulder case in the 3-
to 4-ft range. The stresses in the 3- to 4-ft range for the 2-ft 
extended shoulder case are approximately 5 to 6 percent lower 
than the stresses for the bituminous shoulder case in the same 
range. 
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The location of the maximum bending stress is between the 
wheel load positions approximately 30 in. from the pavement 
edge for a bituminous shoulder type. The maximum stress 
location of the 2-ft extended driving lane changes to the inner 
load position. The stress distribution for these two shoulder 
types is illustrated in Figure 19 for a 9-in. CRC pavement and 
for two levels of load transfer. The load behavior for a 10-ft 
tied shoulder is similar to that for a 2-ft extended driving lane, 
except that the maximum stresses with a 10-ft tied shoulder 
are 20 to 30 psi lower. 

SUMMARY 

Current thickness design procedures inadequately address 
punchout distress and mechanisms related to it. CRC pave
ment behavior is different from jointed concrete behavior, 
and thickness design should not be based on jointed concrete 
thickness design methods. Design methods that allow for sub
base erosion should be based on failure mechanisms leading 
to punchout distress. CRC pavement performance has indi
cated that a small amount of erosion can be tolerated, but 
good design practice should require low or nonerodible sub
bases. Subbase design is critical to CRC pavement perfor
mance since loss of support leading to loss of load transfer 
has been identified as the primary cause of punchout distress. 
An optimum crack spacing between 3 and 4 ft is desirable 
since the maximum longitudinal and transverse bending stresses 
are minimized in terms of load transfer within this cracking 
range. Maintaining high load transfer is critical to good CRC 
pavement performance, particularly outside of this cracking 
interval, and is highly dependent on the crack width. 

Basic failure modes leading to punchout distress were pro
posed based on a field study and literature surveys of CRC 
pavement performance. Failure mechanisms were suggested 
and analyzed in terms of crack widths, pavement stiffness, 
and load transfer. Although the analysis in some instances 
extended beyond the limits of the original test data, a useful 
method was established in which to consider such data and a 
basis was provided for conducting further testing. 
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Prestressed Concrete Pavement: 
Instrumentation, Behavior, 
and Analysis of 
Horizontal Movements 

ELLIOTT DAVID MANDEL, NED H. BURNS, AND B. FRANK McCULLOUGH 

The long-term work plan for the initial design phase of the 
McLennan County prestressed concrete pavement (PCP) overlay 
consisted of the determination of variables that are relevant to 
design, the development of models and design procedures, and 
the study of the effect of environmental factors on PCP slabs. 
The evaluation of the performance of PCP, with specific obser
vation of horizontal slab displacements caused by changes in tem
perature, is discussed. The behavior of the PCP is characterized 
by the results of a field data analysis. The instrumentation of the 
PCP slabs is described, graphs of measured displacements of the 
slabs for daily temperature cycles are presented, and a regression 
analysis of the slab movements is discussed. Finally, conclusions 
and recommendations based on the instrumentation program and 
data analysis are outlined. 

Prestressed concrete pavement (PCP) takes advantage of the 
high compressive strength of concrete to prevent or decrease 
tensile stresses during service. When a permanent horizontal 
compressive stress is introduced to a pavement slab during 
construction, its capacity to withstand traffic and environ
mental loads is increased. This compression of concrete slabs 
results in a potentially cost-efficient alternative to traditional 
pavements or pavement overlays. 

This paper addresses applications of pavement theory by 
reporting the analysis of data collected from in situ PCP slabs 
on Interstate 35 in Texas. Initial performance of the PCP has 
been reported previously (1,2), and recent performance has 
been reported in detail (3 ,4). The data are used to characterize 
the behavior of the slabs caused by environmental loads and 
to calibrate a model that predicts the behavior of PCP. The 
results of this study are offered as input to an ongoing process 
of understanding PCP for the purpose of refining the design 
process for its wider implementation. 

GENERAL BEHAVIOR 

All concrete pavements are subject to constant fluctuations 
in temperature because of daily and seasonal thermal cycles. 
These temperature changes cause individual pavement slabs 

E. D. Mandel, DeLeuw, Cather & Company, Washington, D.C. 
20005. N. H. Burns, Department of Civil Engineering, The Univer
sity of Texas at Austin, Austin, Tex. 78712. B. F. McCullough, Cen
ter for Transportation Research, The University of Texas at Austin, 
Austin, Tex. 78705. 

to undergo two types of movements: volumetric and curling. 
Motion that is subjected to restraint at boundaries or gravity 
loads causes stress to develop in the concrete. The magnitudes 
of displacement and stress determine the behavior and ulti
mate serviceability of a pavement. 

Volumetric Movement 

Since PCP slabs are much longer than they are wide or thick, 
longitudinal expansion and contraction are the most signifi
cant volumetric movements. Thermal expansion and con
traction of pavement are restrained by frictional forces imparted 
by the subbase onto the bottom surface of a slab. When it 
expands, the slab is subjected to compressive stresses caused 
by the frictional resistance of the subbase. Similarly, when a 
slab contracts it is subjected to tensile stresses. Because the 
inherent material properties of plain concrete provide high 
compressive strength but low tensile strength, contraction of 
a slab dictates whether it will crack from a tensile stress that 
exceeds its tensile capacity. For slab movements that are sym
metrical with respect to the longitudinal centerline, a long 
slab experiences a higher magnitude of tensile stress on con
traction than a short slab because the stress accumulates from 
the ends of a slab to the middle. The amount of stress accu
mulation also depends on the frictional characteristics of the 
subbase; a smooth interface between the slab and the subbase 
provides less resistance than a rough one, resulting in an 
increase in magnitude of longitudinal movement and a decrease 
in tensile stress. In PCP, the slabs are precompressed so that 
they can have longer lengths without suffering damage from 
tensile stresses. Figure 1 illustrates the effect of subbase fric
tional restraint on the tensile stress in a pavement slab and 
the combined effect of friction and precompression on slab 
stresses. 

Curling Movement 

Temperature gradients across the thickness of the pavement 
resulting from a time-lag effect of heat transfer from the top 
surface to lower regions in the slabs cause curling movements. 
When the ambient temperature increases, the top region of 
a slab experiences a more rapid increase in temperature than 
the bottom region. This effect causes the top region to undergo 
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FIGURE 1 Effect of subbase frictional restraint on stress in a concrete slab for 
a temperature decrease and the additional effect of precompression by force P. 

a more rapid volumetric increase than the bottom region. 
Similarly, when the ambient temperature decreases, the top 
region experiences a more rapid volumetric decrease than the 
bottom region. The differential in volumetric deformation 
through the thickness of the pavement causes the slabs to curl 
vertically. This movement of the slabs fluctuates constantly 
as the temperature gradient across the thickness of the slab 
changes, reversing the direction of induced curling movement. 
For long pavement slabs, curling movements can be large, 
causing significant tensile stress in the concrete. In addition, 
large curling movements can cause the slab to pull away from 
the subbase; if enough separation occurs, repetitive traffic 
loads can cause pumping of material from beneath the slab, 
resulting in large voids under the pavement. 

PREVIOUS RESEARCH 

The current study on the behavior of PCP is an extension of 
previous research conducted at The University of Texas at 
Austin from 1984 to 1987. A series of conceptual and exper
imental investigations into the design and implementation of 
PCP were carried out during that time. These studies exam
ined several separate aspects of PCP, including the application 

of special prestressing techniques, the evaluation of projected 
in situ parameters, and the formulation of design procedures. 
The research provided information required for the design, 
construction, and early-life instrumentation of a 1-mile exper
imental prototype section of a PCP overlay located in central 
Texas (1,2,5-9). 

OBJECTIVES AND SCOPE 

Field work performed on the McLennan County, Texas, PCP 
overlay from July 1988 to February 1989 is described, as well 
as analytical work performed subsequently. The collection 
and analysis of horizontal movement data are covered, as well 
as instrumentation details. Although curling movement data 
are available, the results will be reported elsewhere. 

LAYOUT OF THE PCP 

The experimental prototype section of PCP in McLennan 
County is located on Interstate 35 southbound, about 15 mi 
north of Waco. The section is 1 mi long and contains a total 
of 32 prestressed slabs. The slabs consist of a PCP overlay 6 
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FIGURE 2 Layout plan of the 
McLennan County PCP 
experimental section. 

in. thick over an existing 11-in. jointed concrete pavement 
(JCP) with an intermediate 3-in. ACP stress-reducing course. 
The pavement is 38 ft wide and consists of two 12-ft lanes, a 
10-ft outside shoulder, and a 4-ft inside shoulder. It has the 
following dimensions in plan: 

• 9 slabs at 240 ft by 21 ft 
• 7 slabs at 440 ft by 21 ft 
• 9 slabs at 240 ft by 17 ft 
• 7 slabs at 440 ft by 17 ft 

A layout plan, including the joint numbering system of the 
entire experimental section, is shown in Figure 2. 

PREVIOUS INSTRUMENTATION 

An instrumentation program was carried out during the early 
life of the McLennan County overlay (2). Measurements taken 
at that time were intended to provide a verification of pre
dicted values of concrete stress and slab movements caused 
by both prestressing and daily temperature cycles. The mea
surement program included 
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1. Determination of daily fluctuations in ambient temper
ature, concrete temperature at middepth of the pavement 
slabs, and the temperature gradient over the thickness of the 
pavement slabs; 

2. Measurement of horizontal and vertical slab movements 
and joint widths; 

3. Measurement of tendon elongations during stressing 
operations; 

4. Measurement of concrete strain in the slabs; and 
5. Determination of concrete strength and modulus of elas

ticity at early ages. 

CURRENT INSTRUMENTATION 

A second instrumentation program for the McLennan County 
PCP (covered herein) was carried out to monitor movements 
of the slabs after changes in the material properties of the 
concrete had stabilized and after shrinkage and creep effects 
essentially were complete. Information collected in this instru
mentation program was used to characterize the long-term 
behavior of the PCP. 

Field Visits 

Work performed at the McLennan County PCP site included 
site surveys, preliminary measurements, installation of instru
mentation equipment, and data collection. Data collection 
took place from July 1988 to February 1989. During that time 
six field visits were made. The field visits took place under 
varying conditions of moisture and ambient temperature
three during hot and dry conditions, one during mild and dry 
conditions, and two during cold and wet conditions. Table 1 
outlines the five data collection field visits and an additional 
trip. The duration of all data collection periods was 24 hr, 
wilh lhe exception of Lhe sixlh fielJ visil, which lasted 48 hr. 

The array of weather conditions covers the maximum range 
of temperatures that occurred at the site. It is difficult to 
evaluate whether the wet moisture conditions can be consid
ered as the extreme conditions; 1988 was a drought year with 
almost no precipitation from July to December. The condi
tions described as "wet" in Table 1 were moist from rain that 
occurred 1 to 2 days before data collection. 

Instrumentation Set-Up 

Concrete "dead-man" anchors were used to support dial gauges 
and linear voltage-distance transducers (L VDTs). The anchors 
consisted of typical 6-in. by 12-in. concrete cylinders with 
embedded threaded inserts that receive 7/s-in. threaded dow
els. Two inserts were installed in case one failed to function. 
Rubber stoppers protected the inserts when they were not in 
use. The anchors were inserted into the soil, leveled, and 
secured into place with concrete, about 18 in. from the west 
edge of the slabs. Then, for each field visit, a vertical steel 
dowel with a threaded end was screwed into each anchor, and 
horizontal dowels were secured and attached to the verticals 
with 90-degree dowel clamps. Dial gauges or L VDTs were 
then secured to the horizontals. This set-up allowed for the 
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TABLE 1 DATA COLLECTION FIELD VISITS 

Field Visit Date 

2 July 26, 1988 

3 August 6, 1988 

4 August 26, 1988 

5 November 5, 1988 

6 January 21, 1989 

7 February 9, 1989 

temporary fabrication of instrumentation supports at the work 
site and for their removal after data collection was completed 
for each field visit. 

To give the dial gauge and LVDT plunger-pins a positive 
reaction-stop, the slabs were equipped with receptacles. For 
horizontal movements, steel angles (3 in . by 3 in . by 3/R in .) 
were bolted onto inserts that were drilled and epoxied onto 
the edges of the slabs. For curling movements, plastic recep
tacles were used to provide a smooth and level surface. Each 
receptacle consisted of a 3-in. by % in. by % in . polyvinyl
chloride pipe that was epoxied to the top surface of a slab 
and filled with hot (liquid) sulfur mortar. When the liquid 
cooled and solidified, a flat and level surface resulted . A 
smooth surface was created by epoxying a 1 Y2 in. by 1 Y2 in. 
by Y4 in. plastic square to the top of the sulfur. 

Temperatures were measured using thermocouples. Six 
thermocouples were drilled and grouted into the PCP to mea
sure concrete temperature. Two thermocouples were located 
at each of three depths-1 in., 3 in. (middepth), and 5 in. 
The middle thermocouples were used for correlation with 
horizontal movements, and the top and bottom thermocou
ples were used for correlation with curling movements . Ambient 
temperature was measured by placing a thermocouple in 
the shade. 

Measurement 

The number of locations on the slabs that could be instru
mented simultaneously was limited by the availability of dial 
gauges. Figure 3 shows a plan view of the instrumented slabs . 
Instrumentation locations labeled with "/3" or "16", respec
tively , indicate third or sixth points along the slab length . 
During the first three field visits data were collected from 
joint locations only so that joint displacement data could be 
based on the largest possible sample. For the remainder of 
the field visits, displacement data were collected at locations 
along slab lengths to characterize the displacements of entire 
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slabs. The instrumentation set-up allowed for the measure
ment of horizontal and vertical slab movements with respect 
to an arbitrary datum. Displacements measured from the first 
data reading at each location for each field visit. 

Prevention of Error 

Several methods for avoiding error in final versions of data 
were employed. These methods include prevention of inter
ference, redundant readings, and internal checking of data. 
Interference was prevented in two ways: steel dowels were 
encased in foam insulation to prevent error caused by uneven 
heating from the sun, and temporary masonry walls were 
constructed to prevent error created by wind gusts from traffic. 
Redundancy of data readings included two slab temperature 
readings at each of the three depths-1 in., 3 in., and 5 in. -
and at Joint 10, horizontal slab movements were measured 
with both dial gauges and L VDTs. The measurements of hor
izontal slab movements could be internally checked because 
the sum of the movements measured by dial gauges or L VDTs 
at the ends should add up to the change in joint opening 
measured with dial calipers. 

DATA ANALYSIS 

This section describes the treatment of the field data collected 
at the McLennan County PCP. The data include measure
ments of horizontal and vertical slab displacements, joint widths, 
ambient temperatures, and concrete temperatures at three 
depths in the pavement. Only the analysis of horizontal dis
placements and their corresponding concrete temperatures at 
middepth in the slabs is included in this paper. Hankins et al. 
(3) included a complete listing and graphic presentation of all 
data. 
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FIGURE 4 Average horizontal slab displacements at various 
times during a 24-hr observation cycle for field visit 5. Data for 
both slab lengths and at intermediate points are shown. 
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DAT A REDUCTION 

To effectively use the data collected in the field, a data reduc
tion process was designed and performed. The purpose was 
to transform field data into numbers that could be used to 
characterize the behavior of the PCP in a concise manner. 
The process included 

l. Normalizing displacement data to a common axis; 
2. "Smoothing" erroneous data by using a redundant read

ing, or by backcalculating from a closure measurement; 
3. Organizing the data by field visit, slab type, and type of 

instrumentation location; and 
4. Performing a statistical reduction of the data. 

Figure 4 is a typical graph of the horizontal displacement 
versus time obtained from the reduction process. This graph 
is for field visit 5 and covers both slab lengths and intermediate 
points. The complete set of data may be found in Hankins et 
al. (3). 

BEHAVIOR ANALYSIS 

The design of a PCP involves the evaluation of two major 
aspects of the horizontal slab movements: the character of 
slab activity during temperature changes and the range of joint 
widths between slabs. The former is of interest because stresses 
in the slab are a direct function of displacements. The latter 
affects the placement of slabs (in which the design criteria are 
meant to avoid extremely wide joint widths and complete 
closure of the joints). Slab activity also affects the range of 
joint widths, that is, slabs with more active horizontal move
ments will cause a larger range of joint widths. 

Regression Analysis of Horizontal Displacements 

Analysis of slab activity for temperature changes was per
formed by calculating a series of linear regression equations 
for horizontal displacements as a function of the slab's mid
depth temperature. This independent variable provided the 
best correlation. Figure 5 is a typical graph of slab displace
ments as a function of decreasing and increasing temperature. 
Plots for all instrumentation locations are presented in Appen
dix B as reported by Mandel et al. (4). The equations are 
linear, in which the abscissa (T) is the concrete temperature 
at middepth of a slab in degrees Fahrenheit, and the ordinate 
(Y) is the horizontal displacement from the initial data reading 
for a field visit. Table 2 shows a compilation of the regression 
equations for all field visits, along with coefficients of deter
mination (R2). 

All R2 values are high: two-thirds of the equations have 
values greater than 0.95. The lowest value is 0.854. These 
data indicate that the linear equations can predict horizontal 
displacements with a high degree of accuracy. This regression 
analysis does not indicate, however , whether stresses in the 
slab can be predicted with a linear model; stresses are a func
tion of the accumulation of frictional forces under a slab, and 
any nonlinear behavior of the subbase frictional restraint could 
cause stress magnitudes to vary nonlinearly. 
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FIGURE 5 Horizontal slab displacements of 440-ft slabs versus change 
in concrete temperature for field visit 5. 

As expected, the slopes in the equations increase for the 
longer slabs. The ratio of slab lengths between the 440-ft and 
the 240-ft slabs is 1.835, and the ratio between the average 
values of the slopes in the equations for the slabs is 2.024, 
10.31 percent higher. This suggests that the increase in hor
izontal activity with increased slab length is not linear. 

The slopes follow logical trends for the various measure
ment locations. The average slopes for displacements at the 
joints are 5.890 x 10- 3 and 1.193 x 10- 2 in./°F for the 240-
ft and 440-ft slabs, respectively. At the sixth points, the aver
age slopes are 3.883 x 10- 3 and 6.977 x 10 - 3 in ./°F, 65.93 
percent and 58.48 percent of the slopes at the joints. At the 
third points, the average slopes are 1.990 x 10- 3 and 3.237 
x 10- 3 in.l°F, 33.78 percent and 27.13 percent of the slopes 
at the joints, and 51.25 percent and 46.40 percent of the slopes 
at the sixth points. The horizontal activity varies approxi
mately linearly with respect to the geometry of the slabs. In 
addition, it appears that for both 240- and 440-ft lengths , 
almost the entire slab is moving. Figure 6 shows a graph of 
the slopes of the regression equations as a function of the 
distance from the centerlines of the slabs. 

The regression equations do not show a strong trend for 
various moisture levels. Field visits 6 and 7 took place under 
moist conditions; the 440-ft slabs have slightly smaller slopes 
for these visits, and there is no definitive trend for the 240-
ft slabs. One explanation for there not being large differences 
for field visits 6 and 7 is that the slabs might not have been 
completely saturated , and therefore expansion and contrac
tion characteristics of the slabs would not have changed enough 
to show up in the data. Another explanation is that the hor
izontal activity is not very sensitive to changes in moisture 
levels. The reason for this would be that the regression equa
tions relate horizontal movements to the concrete tempera
ture at middepth of the slabs. The moisture level might affect 
the lag time between changes in ambient temperature and 
changes in concrete temperature, but the expansion and con-

traction characteristics of the slab would not necessarily change 
appreciably. 

The data reveal that horizontal displacements, although 
behaving almost perfectly linearly in most instances, show a 
small amount of nonlinearity in others . The displacements for 
the 440-ft slabs during field visits 5 and 7 clearly exhibit non
linear variation of displacements with respect to concrete tem
perature. The nonlinearity of the displacements observed in 
these two visits is probably because of either changes in the 
rate of heating of the concrete (caused by differences in the 
rate of heat absorption by the concrete, which is caused by 
differences in atmospheric filtering of radiation) or a pro
nounced effect of hysteresis (energy-absorbing capacity) in 
the force-displacement behavior of the subbase frictional 
restraint . It is not possible to draw an exact conclusion for 
the cause of this effect, but previous research has indicated 
that the nonlinear behavior of the subbase friction should be 
considered in the analysis of horizontal displacements of rigid 
pavement slabs (1). 

Analysis of Joint Widths 

The determination of an initial joint width for construction 
of PCP depends on the following factors: 

•The projected amount of creep and shrinkage that will 
occur during the early life of the pavement, 

• The projected amount of elastic shortening a slab will 
undergo during stressing operations, 

• The width requirements for inserting a protective neo
prene seal into the joint, and 

• The expected range of temperatures and subsequent hor
izontal displacements that the slabs will experience through
out their service lives . 
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TABLE 2 REGRESSION EQUATIONS FOR HORIZONTAL DISPLACEMENTS 

Field Visit Measurement Location 

2 240-foot slab (joint) 

440-foot slab (joint) 

3 240-foot slab (joint) 

440-foot slab (joint) 

4 240-foot slab (joint) 

440-foot slab (joint) 

5 240-foot slab (joint) 

240-foot slab (sixth point) 

240-foot slab (third point) 

440-foot slab (joint) 

440-foot slab (sixth point) 

440-foot slab (third point) 

6 240-foot slab (joint) 

240-foot slab (sixth point) 

240-foot slab (third point) 

440-foot slab (joint) 

440-foot slab (sixth point) 

440-foot slab (third point) 

7 240-foot slab (joint) 

240-foot slab (sixth point) 

240-foot slab (third point) 

440-foot slab (joint) 

440-foot slab (sixth point) 

440-foot slab (third point) 

For the current study, a sample range of maximum and min
imum joint widths was determined; Figure 7 summarizes the 
results. These maximums and minimums represent a range of 
ambient temperatures from 17.6°F to 107.13°F. 

The joint widths were measured at scribe marks on the 
joint hardware so that the readings could be compared con
sistently. The joint edges are not perfectly parallel, so the 
reported maximum and minimum widths are not necessarily 
the absolute maximum and minimum widths for the entire 
length of a joint . In fact , several of the joints between 240-
ft slabs were observed to be completely closed during hot 
weather measurements. Joints between 440-ft slabs never 
completely closed . 

Regression equations were calculated for the joint width 
data. Figures 8 and 9 show graphs of the joint width data for 
the two slab lengths along with the corresponding regression 
equations . 

Regression Equation 

Y=(5.374 x 10-3) T - 0.586 

Y=(l.281 x 10-2) T - 1.422 

Y=(5.148 x 10-3) T- 0.558 

Y=(l.212 x 10-2) T- 1.323 

Y=(6.076 x 10·3) T • 0.653 

Y=(l.270 x 10-2) T • 1.371 

Y=(6.792 x 10-3) T • 0.542 

Y=(4.206 x 10·3) T • 0.335 

Y=(2.344 x 10-3) T • 0.186 

Y=(l.217 x 10·2) T • 0.970 

Y=(7.697 x 10·3) T • 0.611 

Y=(3.717 x 10-3) T • 0.295 

Y=(6.089 x 10·3) T • 0.358 

Y=(3.738 x to·3) T • 0.219 

Y=(l.887 x 10·3) T • 0.112 

Y=(l.106 x 10·2) T • 0.649 

Y=(6.948 x 10·3) T • 0.402 

Y=(3.138 x 10·3) T • 0.182 

Y=(5.864 x 10·3) T- 0.542 

Y=(3.706 x 10·3) T • 0.335 

Y=(l.738 x 10·3) T • 0.186 

Y=(l.074 x 10·2) T • 0.970 

Y=(6.287 x 10~3) T • 0.611 

Y=(2.855 x 10·3) T • 0.295 

Coefficient of Partial 

Detennination 

R2=0.854 

R2=0.951 

R2=0.884 

R2=0.970 

R2=0.931 

R2=0.8S4 

R2-<J.991 

R2=0.982 

R2=0.993 

R2=0.983 

R2=0.970 

R2=0.932 

,, 
R2=0.991 

R2=0.971 

R2=0.988 

R2=0.980 

R2=0.964 

R2=0.920 

R2=o.985 

R2-0.966 

R2=0.984 

RZ.0.981 

R2=0.947 

R2=0.904 

Seasonal Slab Operation 

Overall seasonal behavior of horizontal movements of the 
slabs is a function of daily temperature cycles superimposed 
over seasonal temperature cycles . This superimposition causes 
slabs to operate , on a daily basis , at various seasonal datum 
values. During the summer season , the joint widths are small, 
and horizontal displacements occur over a range of small joint 
widths . Similarly, during the winter season, horizontal dis
placements occur over a wide range of joint widths. 

CONSISTENCY AND ERROR ANALYSIS 

Consistency Analysis 

The consistency of horizontal displacements gives an indica
tion of how reliable the measurements are. High consistency 
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field visits. 

in the data would indicate a high degree of reliability in anal
ysis and recommendations, whereas wide scatter in the data 
would indicate that any analysis of the data , or any recom
mendation based on the data, would not be as well founded. 

The PCP slabs were keyed and dowelled to the subbase at 
their centerlines so that the middle section of the slabs would 
not shift from horizontal movements. Therefore, the slabs 
were expected to expand and contract symmetrically about 
their centerlines. Consistency analysis of horizontal displace
ment data was performed by comparing the maximum change 
in horizontal movement divided by the corresponding change 
in concrete temperature for all instrumentation locations and 
all field visits. Figure 10 shows plots of these values for slab 
displacements at joints by instrumentation location for all field 
visits . 
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FIGURE 8 Regression equation for joint widths 
between 240-ft slabs. 
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FIGURE 9 Regression equation for joint widths between 
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Inspection of Figure 10 shows that consistency of slab move
ments per degree of temperature is generally high. The legend 
codes refer to instrumentation locations shown in Figure 3. 
Location lON shows the most activity of the 240-ft slabs for 
the first three field visits , and 9S shows the least. Location 
llN generally shows the most activity for the 440-ft slabs . 
The magnitude of daily slab activity for a particular change 
in temperature depends on many factors, including the amount 
of radiant solar heat that penetrates the atmosphere, coeffi
cient of thermal expansion of the concrete, thermal trans
missivity of the concrete, moisture levels, and local devia
tions in subbase frictional restraint. It is not possible , with 
the given data, to pinpoint the reasons for more or less 
slab activity at a particular location or for a particular field 
visit. 
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concrete temperature for all joint locations. 

Error Analysis 

Error in horizontal measurements can be checked for internal 
closure. The sum of the displacements of slabs at a joint should 
be equal to rhc change in joint width. Therefore, a closure 
check was made by comparing the maximum horizontal slab 
displacement at each joint for a field visit with the corre
sponding change in joint width. 

As a final check, the values of the sum of horizontal dis
placements and the change in joint width were plotted in 
Figure 11. A regre ·sion equatioa was ca lculated ( h wn on 
the graph) · it shows Llrnl !lit: ~lupe of the regre ion lin is 
0.98, that the Y-in tercept i ·ma ll , and that the coefficient of 
partial determination, R2, is 0.99. A value of 1.0 for the lope 
and the R2 value would indicate a perfect closure for all mea
surements; thus, overall the error in measurement is small. 
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FIGURE 11 Regression equation relating sum of slab 
displacements and corresponding joint width movements for all 
joints and all field visits. 

SUMMARY 

Slab movements are significant. Measurements indicate that 
entire slabs are moving (Figure 6). Resulting maximum joint 
widths range from about 1.5 in. to 3 in. Additionally, slab 
movements correlate well with concrete temperatures at mid
depth of the slabs . The techniques used for measuring slab 
movements work well. This success is indicated by small cross
check errors. 

This study investigated slab movements that occur after 
shrinkage and creep of the concrete have already occurred. 
The regression equations that result from these movements 
are basically the same for all data samples. Regression el!ua
tions for the 240-ft slabs have flatter slopes than those for the 
440-ft slabs. When the slab temperature rises above about 
107°F, joints between 240-ft slabs may close, as was observed 
from the tlata. 

General design equations for predicting slab movements 
have been developed . The equations are derived by using 
slopes of regression equations for 440-ft slabs (Figure 6). 
For McLennan County, PCP joint movements can be pre
dicted by 

t.Xj - T = AX0 + (-2.8 + 0.06 L) (T; - T0 ) 

where 

t1X; - r = net joint width at any temperature (T;), in.; 
t1X0 = j int width at reference temperature, in.; 

L = slab length, ft; 
T0 = reference concrete temperature, °F; and 
T; = concrete temperature at time i . 

For any portland cement concrete pavement placed on a poly
ethylene sheet the general equation 1s 
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where ac is the thermal coefficient of expansion of concrete, 
in ./in ./°F. 

CONCLUSIONS AND RECOMMENDATIONS 

This section outlines the final conclusions and recommen
dations of this study organized into the categories of instru
mentation and data analysis . 

Instrumentation 

The instrumentation program for this study was highly suc
cessful. The collected data indicated trends that were directly 
parallel with expected results. The outcome of the instru
mentation program justifies the following conclusions: 

• The method of using buried anchors to support instru
mentation worked well. The supports were extremely stable 
and therefore provided a reliable foundation for the 
equipment. 

• The method of measuring displacements by both the dial 
gauges and L VDTs gave consistent and identical results. The 
2-hr period between measurement readings was frequent 
enough to characterize movements but still allowed enough 
time to gather a large amount of data. 

• The method of measuring temperatures using thermo
couples gave accurate and consistent temperatures. 

The following recommendations result from experiences 
that were encountered either during data collection or as a 
result of analysis that depends on instrumentation. They are 
offered as guidelines for any instrumentation program that is 
designed to measure phenomena similar to those in the pro
gram for this study: 

1. Although exact effects of moisture levels on magnitudes 
of displacement were not qualified in this study, future instru
mentation programs that investigate environmental effects on 
pavement should consider the importance of measuring the 
moisture level at various depths in the concrete. 

2. The construction program for experimental protypes 
should include a major consideration of subsequent deter
mination of material properties. A large sample of material 
specimens (cylinders, material-test beams, etc.) should be made 
at the time of construction so that material properties for long
term investigations can be determined directly. 

DATA ANALYSIS 

The analysis of slab displacements for each slab length for a 
field visit allowed for the direct comparison of slab behavior 
for various seasonal conditions. The use of regression equa
tions to characterize slab movements was helpful in comparing 
the behavior of all slabs for all instrumentation locations. 
Furthermore, the error analysis indicated that measure
ments were correct and quite accurate. The following points 
outline specific conclusions from the analysis of horizontal 
displacements: 
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1. The regression analysis of horizontal slab movements 
shows that displacements can be described by a linear equa
tion . The slopes of the equations vary at close to a linear rate 
for displacements measured at the joints, the sixth points , and 
the third points. These data indicate that almost the entire 
slab moves on a daily basis. 

2. Average slopes of the regression equations can be used 
to predict slab movements as a function of temperature . For 
the 240-ft slabs, the average rate of movement was 5.89 x 
10 - 3 in./°F. For the 440-ft slabs, the average rate of movement 
was 1.193 x 10- 3 in./°F. 

3. The analysis did not show a strong trend for various 
moisture conditions. This may have been because the slabs 
were not completely saturated. 

4. Maximum and minimum measured joint widths were 1.397 
in. and 0.263 in. for the 240-ft slabs and 3.20 in. and 0.983 
in. for the 440-ft slabs. 

5. Overall seasonal behavior of the slabs indicates that daily 
fluctuations occur constantly , whereas the seasonal data for 
the movements change. 

6. The consistency of slab movements for the entire study 
is quite high. Standard deviations of movements per degree 
change in temperature are 0.646 x 10- 3 and 0.621 x 10 - 3 

in./°F for the 240- and 440-ft slabs , respectively. 
7. Field observation revealed that some joints were com

pletely closed for prolonged ambient temperatures in excess 
of about 100°F (no damage to the slabs or joint hardware 
occurred). 

The following recommendations result from the analysis of 
horizontal movements, as well as field observations: 

1. Apparently, less shortening of the slabs occurred during 
the early life of the 240-ft slabs than was initially expected. 
Since maximum measurements of joint widths for the 240-ft 
slabs were 1.397 in., well within serviceability limits (about 
3.5 in.), there is a wide margin of safety against excessive 
joint widths. An initial joint width of 0.5 in. for a 240-ft slab 
(otherwise constructed under similar conditions) would pre
vent the joints from completely closing. 

2. The joints for the 440-ft slabs always remained within 
serviceable limits. These joints were also set closed at the 
time of construction. No change is recommended for the initial 
setting of joints for these slabs. 
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Control of Faulting Through Joint Load 
Transfer Design 

ANASTASIOS M. IOANNIDES, YING-HAUR LEE, AND MICHAEL I. DARTER 

The development of mechanistic empirical algorithms for more 
realistic estimates of anticipated faulting in concrete pavements 
is described and evaluated. Earlier theoretical investigations are 
considered, interpreted through more recent finite element results, 
and calibrated using an extensive data base of field observations. 
A factor influencing faulting is the dowel-concrete bearing stress, 
for which an improved method of determination is presented. A 
procedure is outlined for assessing the need for dowels in both 
plain and reinforced jointed concrete pavements, also resulting 
in an estimate of the required bar diameter so that significant 
faulting is prevented. Application of the procedure is facilitated 
through use of program PF AULT, which can be implemented on 
a personal computer. 

In the last several years, significant deterioration has been 
observed in many jointed plain or reinforced concrete pave
ments (JPCP or JRCP), even though most had been designed 
in accordance with conventional codes of practice. The major 
types of distress exhibited are usually faulting, spalling, and 
corner cracking. Lockup of joints is also fairly frequent and 
causes the opening of nearby transverse cracks with subse
quent deterioration. Joint repair procedures are costly and 
have contributed to a large proportion of rehabilitation con
tracts. These observations call for a re-examination of accepted 
joint design methodologies in light of recent theoretical, ana
lytical, and empirical data. 

In the design and construction of doweled or undoweled 
joints for portland cement concrete (PCC) pavements, a dis
parity exists among the practices adopted by agencies in the 
50 states, as well as among_ those reported from foreign coun
tries . The main reasons for this are the following: 

1. The state of the art with respect to the theoretical treat
ment of the pertinent problems is still fairly elementary and 
strictly applicable only to highly idealized conditions; 

2. Climatic and geotechnical considerations vary widely from 
state to state and from country to country; 

3. The number, frequency, magnitude, and geometry of 
applied traffic loadings are considerably different in each 
locality, whereas concepts used to reduce mixed traffic to a 
design traffic number are often theoretically unfounded and 
sometimes fundamentally flawed; 

4. As a corollary of 1-3 above, a large degree of empiricism 
derived from local experience enters the design and construc
tion approaches of each agency. 

Department of Civil Engineering, University of Illinois at Urbana
Champaign, 205 N. Mathews Ave., Urbana, Ill. 61801. 

This paper reports on some aspects of a broader FHW A 
study whose main objectives included the development of 
design guidelines for the prevention of faulting through the 
proper use of doweled joints in PCC pavements. The approach 
used to achieve this goal was mechanistic in nature, calibrated 
with empirical inputs stemming from an extensive data base 
of field observations. A major factor was the bearing stress 
developing at the dowel-concrete interface, for which a new 
method of determination is proposed. In addition, by using 
nonlinear multiple regression techniques, algorithms were 
developed for estimating transverse joint faulting, as a func
tion of a wide range of pavement system parameters. A 
mechanistic evaluation of these statistical formulae has iden
tified several limitations of the current state of the art, and 
has led to the formulation of pertinent recommendations for 
future research. 

ANALYTICAL METHODS FOR DOWELED 
JOINTS 

The first rational procedure for the design of doweled joints 
in concrete pavements was presented by Westergaard in 1928 
(1). This crude but ingenious method enabled engineers to 
base on theoretical principles such decisions as those pertain
ing to the number and spacing of dowels to be used. The 
analytical treatment assumed that a point load was applied 
midway between two dowels and that the deflected shape of 
the loaded side of the joint coincided at all points with the 
basin formed by the unloaded slab. Thus, all dowels were 
assumed to be perfectly rigid. The background for this method 
consisted entirely of Westergaard's earlier analytical studies 
of the one-slab problem (2). Nonetheless, two important new 
conclusions were reached: 

1. Only the two, or at most four, dowels nearest to the load 
need be considered as active, since the contribution of more 
remote bars is negligible; and 

2. Dowels are effective in reducing the bending stress devel
oped in the loaded slab only if they are spaced closely enough 
(at less than 2 ft apart). 

These two issues remained the prominent foci of the debate 
that followed in the next several decades, even to the present 
day. 

The Arlington tests (3) provided the first documented 
opportunity for a field study of dowel performance. Their 
results corroborated Westergaard's conclusions, suggesting that 
a dowel spacing of closer than 2 ft may be necessary. As 



so 

indicated by theory, using larger bars at a closer spacing will 
increase the stiffness of the dowels, thus enhancing their effec
tiveness in load transfer. This type of spacing should be done 
judiciously, however, since it may also cause a detrimental 
increase of restraint to longitudinal warping or curling. Thus, 
dowels that are too stiff may cause more distress in the pave
ment slab than would result from their complete omission (4). 

In their independent investigations of the stress condition 
existing in and around the dowel bars, Grinter (5) and Brad
bury (6) made reference to Westergaard's single-slab edge 
loading solution. Their analytical treatments, however, dis
pensed with Westergaard 's original restrictive assumptions 
and were instead based on a method presented by Timosh
enko and Lessels (7), which considers the dowel as an infinite 
beam encased in an elastic medium. This approach is sensitive 
to a parameter that has been difficult to determine with any 
degree of accuracy, namely, the modulus of dowel support 
(K). Despite early warnings that such calculations "should be 
taken as significant qualitatively rather than quantitatively" 
(8), the Timoshenko procedure had been used exclusively in 
related studies until the introduction of the finite element 
method (FEM) in the 1970s. 

Credit for the prominence of the Timoshenko analysis is 
generally given to the theoretical and experimental exposi
tions by Friberg published in the late 1930s (9,10). This inves
tigator presented a set of design equations for evaluating dowel 
deflections, moments, and stresses, provided the shear force 
transferred by the dowel could be determined (10). Thus, the 
concrete bearing stress (crb) arising under the dowel bar 
(responsible for spalling distress and dowel looseness) is given 
by the formula 

(1) 

where K is the modulus of dowel support (FL - 3
) and ~o is 

the deflection of the dowel with respect to the concrete at the 
face of the joint (!~) . Note that the primary dimensions are 
abbreviated herein as L for length, F for force, and , later, 0 
for temperature. Deflection, ~0 , may be evaluated from 

(2) 

where 

P; = shear force acting on any particular dowel , trans
ferred across the joint (F) ; 

w = width of joint opening (L); 
Ed = modulus of elasticity of the dowel bar (FL - 2

) ; and 
Id = moment of inertia of dowel bar cross-section (L 4

). 

For solid round bars, 

(3) 

where dis the dowel bar diameter (L) and (3 is the relative 
stiffness of the dowel-concrete system (L- 1

) , 

(4) 
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In deriving these equations, use was made once again of 
Westergaard's early theoretical works (2) , leading Friberg to 
conclude that dowels at distances greater than an "effective 
length" (e) of 1.8 times the radius of relative stiffness of the 
slab-foundation system (l) from the point of application of 
the external load were inactive and did not influence the 
moment at the load point. Recall that l is defined as 

l = 
( )

114 
£fi3 

12(1 - µ 2)k 

where 

E = slab modulus of elasticity (FL - 2
); 

µ = slab Poisson's ratio; 
h = slab thickness (L) ; and 
k = modulus of subgrade reaction (FL - 3

). 

(5) 

Friberg (10) was also the first investigator to suggest that the 
load transferred by each dowel could be reasonably assumed 
to decrease linearly with distance from the point of loading. 
Friberg's additional assumption of a value of 1,000,000 psi/ 
in. for the modulus of dowel support (K) for all pavement 
systems elicited considerable discussion . Thus , Grinter pos
tulated that K ranged between 300,000 and 1,500,000 psi/in . 
but also anticipated a "maximum variation of a hundred-fold" 
in the value of this parameter (11). Less attention was paid 
to Friberg's assertion of an effective length of l.8l, despite 
the fact that this would not be in accordance with Wester
gaard's own conclusions (1) . For a typical [-value of 36 in. 
and dowel spacing of 2 ft , Westergaard's assumption that only 
the two dowels closest to the load are active would correspond 
to an effective length of only 1.0/. Data presented by Suth
erland (12) also supported a shorter effective length. 

A potential for a real breakthrough in analytical methods 
for doweled joints was created in the late 1970s with the 
introduction of the FEM. Although the capabilities of this 
versatile numerical tool are far from exhausted even to this 
day, several important observations have already been made . 
Tabatabaie et al. (13,14) were among the first to present a 
finite element model of the doweled joint; they concluded 
that "only the dowels within a distance 1.0/ from the center 
of the load are effective in transferring the major part of the 
load." They concurred with Fri berg's adoption of a linear 
approximation to the dowel shear force diagram, but sug
gested that this should begin with a maximum under the load 
and diminish to zero at a distance of l.Ol from this point. 

Finite element studies by Tabatabaie also led to the con
clusion that the dowel diameter (d) and concrete modulus of 
elasticity (E) have a very significant effect on the maximum 
dowel deflection and concrete bearing stress. Slab thickness 
(h) and subgrade modulus (k) play a much lesser role. Earlier 
laboratory investigations by Marcus (15) and Teller and Cash
en (16) had also pointed out the same effects. The following 
relationship for the critical concrete bearing stress (crbc) was 
developed, "based on the result of two- and three-dimensional" 
finite element analyses (14) : 

crbc = 
(800 + 0.068 E) ( 

d413 1 + 0.355 w)sPa; (6) 
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where 

s = dowel spacing (L); 
P = applied wheel load (F); and 
a; = load location coefficient (dimensions unclear), i.e. , 

0.0091 for edge load, 0.0116 for protected corner load, 
and 0.0163 for unprotected corner load. 

All parameters in this expression employ the kip as the unit 
of force and the inch as the unit of length, whereas ubc is 
expressed in pounds per square inch. 

PROPOSED METHOD FOR MAXIMUM BEARING 
STRESS DETERMINATION 

Recent research has provided additional evidence supporting 
the conclusion reached by Tabatabaie and others that the 
effective length over which dowels are active in load transfer 
is considerably shorter than was assumed by Friberg. Joints 
designed under the assumption that all dowels within 1.8/ from 
the applied load are effective have exhibited unacceptable 
performance (e .g., substantial faulting (17)) , indicating that 
a more conservative approach is necessary. Therefore, a com
parison was conducted during the present. study between 
Tabatabaie's formula (which assumes an effective length of 
1.0/) and Friberg's original equation. This comparison is shown 
in Figure 1 for a typical PCC pavement section under a single
wheel 9-kip edge load. The pertinent system parameters were 
as follows: E = 4,000,000 psi;µ= 0.15; h = 10 in.; k = 50 
psi/in.;/= 51.lin.;d = 0.75in.;s = 12in.;K = 1.5 x 106 

psi/in.; Ed = 29 x 106 psi; w = 0.2 in. The assumed per
centage of load transferred across the joint ranged from 0 to 
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FIGURE I Bearing stress formula for a typical PCC 
pavement section under a single-wheel 9-kip edge load. 
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the maximum value of 50 percent . The maximum bearing 
stress, calculated using Friberg's equation on the basis of his 
linear diminution assumption over an effective length, was 
1.8/. This approach yields a straight line, whose slope is entirely 
dependent on the assumed effective length. Therefore, 
decreasing this length to l.Ol results in a second straight line, 
located above the 1.8/ line and having a steeper slope. Clearly, 
a more conservative estimate of the maximum bearing stress 
(i.e., a greater value) is obtained with the shorter assumed 
effective length. 

The actual percentage of load transferred across a doweled 
joint may be estimated by comparison of Fri berg's predictions 
to the calculated maximum bearing stress according to Taba
tabaie et al. (14). These percentages are also shown in Figure 
1, for the three loading locations considered, i.e. loading at 
an edge, at a protected corner, and at an unprotected corner. 
It is apparent that a high assumed percentage of load trans
ferred (close to 50 percent) leads to a conservative estimate 
of the maximum bearing stress. A value of 45 percent was 
adopted in this study to account for the possibility of some 
dowel looseness. 

It is interesting to note that both the Friberg and Tabatabaie 
formulae for the determination of bearing stress can be rewrit
ten as 

ub = A(structural) x B(Ioad) (7) 

The first term, A, is entirely determined by the structural 
characteristics of the pavement system, whereas the second 
term, B, quantifies the transferred load. It would be reason
able to expect that at least the A-term should be the same 
according to the two equations . This , however, is not true , 
as illustrated by the following calculations for the case con
sidered above: 

A 

A 

1. Tabatabaie: 

( 00 + 0.06 E) (1 + 0.355 w) 
1000 cf•IJ 

1.6849 (units unclear, but should be in. - 2
) (8) 

2. Friberg: 

K(2 + '3w) 
4'33 Edld 

2.5812 in. -z (9) 

The discrepancy in this case is on the order of 35 percent. 
Fri berg's term is considered superior, however, since it is 
theoretically based and dimensionally consistent. Note that 
parameters Kand Ed do not enter Tabatabaie's formula. Dowel 
support was not explicitly prescribed in his three-dimensional 
finite element analysis, whereas a value of 1,500,000 psi/in. 
was assumed as "conventional" in his two-dimensional inves
tigations. A value of Ed of 29 ,000,000 psi was assumed by 
Tabatabaie. 

Turning now to the load B-term in these equations, it is 
possible to express this as follows: 

B = P; = P x TLE x fd (10) 
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where TLE is the transferred load efficiency, expressing the 
ratio of the load transferred across the entire length of joint 
(Pr) to the total applied load (P), that is, 

Pr 
TLE = p x 100 percent (11) 

and fd is a dimensionless distribution factor indicating how 
much of the total transferred load acts on any given dowel 
bar (usually on the critical bar), i.e., 

p 
fd = p~ x 100 percent (12) 

Note that the distribution factor (fd) does not depend on 
the amount of load transferred but is entirely the consequence 
of the dowel spacing and of the assumptions regarding the 
effective length and the linear diminution of the dowel shear 
forces with distance from the applied load. For the case con
sidered in Figure 1, Friberg's linear diminution approach leads 
to distribution factor values for the critical dowel U~c), of 13 
percent for an effective length of 1.8/, and 23 percent for 1.0/. 
This illustrates once again the conservative nature of the shorter 
effective length. Tabatabaie, on the other hand, defines the 
transferred load by any given dowel as: 

B = P; = o.,sP (13) 

In this expression, TLE is not explicitly stated, whereas the 
load location is accounted for. Note that here both P and P; 
are expressed in pounds, ands is expressed in inches, whereas 
o.; takes the values quoted above. Assuming TLE = 45 per
cent, Tabatabaie's equation yields the following distribution 
factors for the critical dowel: 

fdr = 24 percent for edge loading, 

31 percent for protected corner loading, and 

43 percent for unprotected corner loading. 
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Friberg presumably considered edge loading only, and for 
this loading condition good agreement is observed. The dis
tribution factor for an unprotected corner is almost twice as 
large as that for edge loading. This observation is confirmed 
by results shown in Figure 2, obtained using a recently mod
ified version of finite element computer program ILLI-SLAB 
(Ioannides and Korovesis from a paper in this Record). The 
pavement section considered in developing Figure 1 was 
retained; a contact pressure of 90 psi was assumed. First, a 
single-wheel load was applied at the edge or at the corner of 
the slab. Because the broader FHWA study was primarily 
concerned with 18-kip single axle loading (dual tires), the 
variation of the distribution factor under such a load (applied 
at the corner) was also examined. The effective length (e) for 
both single-wheel loadings (i.e., at the edge and at the unpro
tected corner) is found to be closer to 1.01, instead of to 1.8/, 
as concluded by Friberg (10). On the other hand, the single
axle (dual-wheel) load at the corner leads to e = 2.01, indi
cating that the effective length is not constant but it is sensitive 
to the gear configuration. 

Referring to the geometry of the transferred load distribu
tion diagram assumed by Friberg, it can be shown that the 
value offdc can be determined to a good approximation using, 
for edge loading, 

s 
fd = -

c e 

and for corner loading, 

(14) 

(15) 

Both Figure 2 and Equations 14 and 15 suggest that for the 
case of a single-wheel load, the critical distribution factor 
pertaining to a corner load is almost twice as large as the 
currespomling edge loading value. Furlhenu01e, under corner 
loading conditions, a single-wheel leads to responses similar 
to those obtained using a single-axle (dual-wheel) load, since 
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FIGURE 2 Distribution factor (jd) from ILLI-SLAB. 
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the product (fde x P) in Equation 10 is approximately the 
same in both cases . Consequently, a single wheel applied at 
the corner can be regarded as the critical (design) loading 
condition. 

Using Equation 15 for fde in the load B-term, and Friberg's 
structural A-term, the maximum bearing stress may be deter
mined in a manner that accounts for both the location of the 
load and the rest of the parameters entering Friberg's theo
retical development. Results obtained during this investiga~ 
tion using ILLl-SLAB indicate that TLE is only slightly affected 
by load location and is generally about 42 ± 1 percent. The 
assumed value of 45 percent is, therefore, somewhat conserva
tive, as desired. 

The proposed bearing stress determination method outlined 
above has been incorporated into an interactive computer 
program called PFAULT, prepared for FHWA for the esti
mation of faulting (18). Given below is the formula used in 
PFAULT to determine the critical bearing stress: 

K(2 + pw) 
Ube = 4133£i,t X P X TLE X Jde (16) 

in which !de is determined by using Equation 15, assuming 
e = l.Ol. The dowel spacing is set to 12 in. since the PF AULT 
data base contained only such sections. As noted above, P = 
9,000 lbs, and TLE = 45 percent. The joint width (w) is 
calculated by using Equation 17, as described below. The 
following inputs are tentatively adopted since they had also 
been assumed in analyzing the field data that provided the 
data base for PFAULT: K = 1,500,000 psi/in.; Ed = 29 x 
106 psi. 

The sensitivity of the proposed method for determining the 
maximum bearing stress was investigated for a wide range of 
d, s, h, and k values (18). Dowel diameter (d) clearly emerged 
as the most important of these variables. The reduction in u be 

with increasing d is particularly dramatic at the smaller dowel 
diameters (d ==:: 1 in . , say). The sensitivity of ube to the rest 
of the parameters considered is considerably smaller. It fol
lows, therefore, that since the required dowel diameter is 
greatly affected by the assumed value of modulus of dowel 
support (K) it is imperative that a good estimate of the latter 
be obtained before proceeding to a faulting calculation. 
Unfortunately, no method exists today for this purpose. 

CALIBRATION OF MECHANISTIC-EMPIRICAL 
FAULTING ALGORITHMS 

In conventional practice , the amount of transverse joint fault
ing for PCC pavements is commonly estimated by developing 
mechanistic-empirical algorithms by using a data base con
taining in-service pavement data. Accordingly, the NCHRP 
Project 1-19 (COPES) data base (17) was employed in the 
calibration of PFAULT. Nonlinear multiple regression tech
niques from the SPSS software package (19) were applied in 
describing the variation of measured faulting with respect to 
three mechanistic parameters-concrete dowel bearing stress, 
joint opening, and corner deflection. This can contribute toward 
more realistic and accurate estimates of anticipated transverse 
joint faulting, in both doweled and undoweled pavements. 
Guidelines for dowel design may also be formulated on the 
basis of such a mechanistic-empirical apprcnch. 
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Estimating Faulting in Doweled Pavements 

The COPES data base (17) contains information from dow
eled pavement sections from the following four states: Illinois, 
Louisiana, Minnesota, and Nebraska. Both JPCP and JRCP 
are included. In addition, 12 sections of JRCP from the exper
iment at Rothsay, Minnesota, were incorporated into the 
PFAULT data base . These were designed with 27-ft joint 
spacing over granular, asphalt , and cement-treated bases. 

The maximum concrete bearing stress was computed using 
the new proposed method of calculation. As indicated by 
Equation 16, this involves the joint width (w), which is known 
to be a highly variable parameter (20) . The mean value of 
the joint opening caused by temperature and moisture changes 
in the slab is computed in PFAULT using the following 
expression: 

w = CL (0.5a.:iT + e,) (17) 

where 

a = thermal coefficient of contraction of concrete (8 - 1) 

(e.g., 5.0 x 10- 6 e/°F); 
e, drying shrinkage coefficient of concrete (approxi

mately 0.5 - 2.5 x 10- 4 e, specified as 1.5 x 10- 4 

e in PFAULT) ; 
L = transverse joint spacing (L); 

.:iT = temperature range (8), i.e., maximum mean daily 
air temperature in July minus minimum mean daily 
air temperature in January; and 

C = dimensionless empirical adjustment factor caused by 
slab-base frictional restraint (PF AULT assumes that 
C = 0.65 for stabilized base, and C = 0.80 for 
granular base). 

Equation 17 is a modification of a regression equation, 
based on " limited field data," presented by Darter (21) to 
provide an approximate estimate of w "despite the many com
plexities involved." Introduction of the factor of 0.5 in Equa
tion 17 aims at reflecting a more realistic average condition 
of joint opening. The faulting algorithm established in this 
manner for doweled pavements is as follows: 

FAULT= ESAL0
·
5377 (2 .2073 + 0.002171 ube

04918 

+ 0.0003292 L10793 - 2.1397 k0.01305) 

Statistics: R2 = 0.53; SEE = 0.05 in. ; n = 280 . 

(18) 

In this formula, ESAL denotes the cumulative 18-kip equiv
alent single-axle load applications (in millions), ube is expressed 
in pounds per square inch, and Lin feet. The effective mod
ulus of subgrade reaction (k) is provided in pounds per square 
inch per inch, whereas FAULT is expressed in inches. Several 
climatic variables (e .g., precipitation and freezing index) were 
also introduced into the regression analysis, but they did not 
show any statistical significance. A plot of observed versus 
estimated faulting is presented in Figure 3. 

Among the four parameters used for estimating FAULT, 
a sensitivity analysis showed that abe and L are the most 
significant . Adjusting the joint spacing, slab thickness, and 
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FIGURE 3 Predicted versus actual faulting: nationwide model 
for undoweled pavements (PFAULT version 1.2). 

subgrade support to keep the ratio of Lil below 6, for instance, 
may therefore help in fault control in JPCP (22). 

The expression in Equation 18 is primarily a descriptive 
tool whose predictive capability is not high. This is especially 
true when a small number of particular sections are consid
ered. As with all statistical algorithms, however, agreement 
between observed and estimated responses may be expected 
to increase as the number of test cases considered increases. 
A review of similar statistically based tools, such as PD MAP, 
COLD, and PMARP, indicated that reliability problems are 
widespread, particularly when these are applied to geograph
ical regions other than those included in the original data base 
(23,24). Therefore, the following major deficiencies of the 
faulting algorithm in Equation 18 must be kept in mind by 
prospective PFAULT users: 

1. Because of the limited number of climatic zones in the 
data base, climatic variables did not appear significant enough 
to warrant their explicit inclusion in the formula derived. 

2. A variety of other situations existed, in which the range 
of some of the variables was uut sufficient (e.g., permeable 
base type, subgrade type, edge support, and subdrainage). 

3. The possible interactions between individual factors 
entering the algorithm are ignored. 

4. The formula involves the ESAL concept, which is urgently 
in need of reconsideration (25). 

5. A number of the implicit assumptions made during the 
development of this statistical algorithm and its application 
in PF AULT have been mere intelligent and educated guesses. 

In examining the PFAULT data base, deficiencies in the 
state of the art have dictated choices that may or may not 
apply to any one situation. In order of their importance, such 
selections include a universal value of the modulus of dowel 
support (K = 1.5 x 106 psi/in.); a constant value of the radius 
of the applied load (a = 5.64 in.); an empirical-statistical 
method for calculating joint width (Equation 17); and fixed 
values for the effective length (e = 1.0/) and transferred load 
efficiency (TLE = 45 percent). The method employed in the 
determination of the subgrade modulus k was also arbitrary 
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and inconsistent. This method was often based on correlations 
with soil classification groups or other soil properties, whereas 
on other occasions it was determined by application of elastic 
theory. The procedure followed involved increasing k when 
a treated base was used, as recommended by the Portland 
Cement Association. This may be a conventional approach, 
but it has severe limitations as revealed by finite element 
investigations (26), especially for unbonded slab/base inter
faces. Use of Equation 18 in cases involving undue extrapo
lation beyond the data range used in its generation is, there
fore, to be avoided. This is particularly true for open-graded 
drainablc bases. 

As a result of the limitations noted, the R2 value of the 
algorithm in Equation 18 is rather low. Previous attempts at 
deriving similar algorithms were also fraught with similar 
weaknesses (18,21). It may be expected that substantial prog
ress in the state of the art in mechanistic analysis methods 
would allow the elimination of the sources of the deficiencies 
outlined above. In the meantime, a much simpler predictive 
algorithm proposed by Snyder (27) appears promising. This 
algorithm involves a single independent variable, namely load 
transfer efficiency in terms of deflection (L TE8 , defined as 
the ratio of the deflections on the unloaded and loaded sides 
of a joint), and displays a considerably higher R2 value. Sny
der's proposal is as follows: 

FAULT = 23.37 - 0.1288 LTE8 

+ 141,900 LTE5 3
•
807 (19) 

Statistics: R2 = 0.691; SEE = 0.057 in.; n = 140. 

In this expression, FAULT is expressed in hundredths of an 
inch, and LTE8 is expressed in percent. Note that this rela
tionship is linear, since the third term is negligible for L TE8 

values in excess of 20 percent. A significant improvement of 
Snyder's model can result if the endurance of L TE8 over time 
is investigated and incorporated into the proposed faulting 
algorithm. 

Estimating Faulting in Undoweled Pavements 

Prevention of faulting in undoweled pavements relies on effec
tive load transfer through aggregate interlock. The degree 
and long-term endurance of load transfer by aggregate inter
lock is affected by the size of joint opening, slab support, 
thickness of slab, coarseness, angularity and hardness of con
crete aggregates, and number of applied load repetitions 
(Ioannides and Korovesis from a paper in this Record). The 
slab corner deflection (oc) may provide a useful indicator of 
ensuing deterioration of load transfer efficiency by aggregate 
interlock and of impending distress because of pumping and 
faulting (17). According to Westergaard (2), this deflection 
is given by 

p 
oc = k/2 [1.1 - 0.88 (\12 all)] (20) 

in which a denotes the radius of the applied load (L). A 
refined expressio i for oc (based on finite element results) was 
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presented by Ioannides et al. (28). PFAULT assumes that a 
= 5.64 in., which for P = 9,000 lb corresponds to a contact 
pressure of 90 psi. Furthermore, erodibility factors for the 
base and subbase materials (ERODF) are introduced . These 
are similar to the loss of support coefficients recommended 
by AASHTO (29), as follows: 

1. Granular material: ERODF = 2.5; 
2. Asphalt-treated base: ERODF = 2.0; 
3. Cement-treated base (without granular subbase): ERODF 

= 1.5; 
4. Cement-treated base (with granular subbase) : ERODF 

= 1.0; and 
5. Lean concrete: ERODF = 0.5 . 

Regrettably , no permeable base courses were included in the 
PF AULT data base, even though these are expected to have 
a major effect on reducing faulting . 

The nonlinear regression technique referred to above for 
doweled pavements was employed in a similar fashion for 
undoweled pavements. Only plain concrete pavement sections 
were available in the NCHRP 1-19 data base for undoweled 
pavements (17). The data base included pavement sections 
from the following states: Georgia , Illinois, Louisiana, Utah, 
and California. Two extra sections from New Jersey and Mich
igan were also added. The data base was expanded by 24 
additional sections from California , which included the fol
lowing conditions: half-joint spacing (7 .8 ft), thicker slab (11.4 
in.) , and lean concrete base (effective k-value = 591 psi/in.). 
Furthermore, 12 sections from the experiment at Rothsay, 
Minn., were also incorporated. These sections had 27-ft joint 
spacing over granular-, asphalt-, and cement-treated bases. 
The resulting nationwide algorithm for estimating faulting in 
undoweled pavements is given as follows : 

FAULT= ESAL0•
3157[0.4531 + 0.3367 w0

-
3322 

- 0.5376(100 a c) - 0.008437 

+ 0.0009092FI0
•
5998 + 0.004654ERODF 

- 0.03608EDGESUP 

- 0.01087 SOILCRS 

- 0.009467 DRAIN] 

Statistics: R2 = 0.55 ; SEE = 0.03 in . ; n = 186. 

In this formula 

(21) 

Fl = mean air-freezing index in °F days; 
EDGESUP = numerical indicator of type of edge support, 

e.g., 0, if no edge support exists and 1, if 
edge beam/tied concrete shoulder exists; 

SOILCRS = numerical indicator of AASHTO subgrade 
soil classification, e.g., 0, if A-4 to A-7 and 
1, if A-1 to A-3; and 

DRAIN = numerical indicator of drainage provided, 
e.g., 0, if no edge subdrains exist and 1, if 
edge subdrains exist. 

Note that in Equation 21, the mean transverse joint opening 
(w) and the Westergaard corner deflection (l:lc) are expressed 

55 

in inches. Figure 4 shows a plot of observed versus estimated 
faulting for this formula. A sensitivity study revealed that the 
effects of w, ERODF, and EDGESUP are the most pro
nounced (18). 

The comments made above with respect to the nature of 
statistical algorithms and the limitations of Equation 18 apply 
here as well. Although the effect of some climatic variables 
is included in this case, caution is still warranted in the appli
cation of the resulting algorithm. Unwarranted extrapolation 
beyond the data range from which Equation 21 was generated 
is to be avoided, as always. Nonetheless, this mechanistic
empirical tool may be useful in long-term performance eval
uations and design applications within the range of data. 

The interactive computer program PFAULT, mentioned 
above , incorporates both faulting algorithms developed in this 
study , i.e., Equations 18 and 21. The program is available in 
an IBM-PC compatible version with pertinent documentation. 
An input guide is included in the report by Heinrichs et al. 
(18). 

GUIDELINES FOR THE USE OF DOWELS 

Mechanistic-empirical algorithms for estimating faulting can 
be used in assessing the need for dowel bars and determining 
the required diameter for pavements similar to those included 
in the data base used in their development . The application 
of the PFAULT formulae in this manner is described below. 

Jointed Reinforced Concrete Pavements 

Dowels are always recommended for JRCP caused by longer 
joint spacing and expected wider joint opening. The required 
dowel diameter may be determined using PFAULT, if a 
threshold faulting level is selected. According to the NCHRP 
1-19 data base (17), joint faulting in rough pavements [present 
serviceability index (PSI) s 3.0] was about 0.26 in . In view 
of the weakness of the correlation in Equation 18 , a design 
faulting magnitude of approximately 0.13 in. is suggested, 
subject to further verification . 

o.
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.. . .. 
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Actual Faulting (in.) 

0.5 0.6 

FIGURE 4 Predicted versus actual faulting: nationwide model 
for doweled pavements (PFAULT version 1.2). 
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Jointed Plain Concrete Pavements 

Dowels often are omitted in the design of JPCP, and aggregate 
interlock is relied on for load transfer. Aggregate interlock 
alone often is inadequate, and many such pavements develop 
serious pumping and faulting. The need for dowels may be 
assessed by using PFAULT. Referring again to the NCHRP 
Project 1-19 data base (17), JPCP offered a rough ride and 
exhibited faulting of about 0.13 in . A threshold value of about 
0.07 in. may be appropriate for design purposes, subject to 
further verification. If faulting is excessive, the required dowel 
diameter may be determined as outlined above for JRCP. 

CONCLUSIONS 

This paper presents some of the findings of a study conducted 
for the FHWA, to provide a synthesis of the current slalt of 
the art with respect to PCC pavement design, incorporating 
the results of recent pertinent investigations (18). In partic
ular, design guidelines are outlined for assessing the need for 
load transfer at transverse joints, so that significant faulting 
is prevented. The proposed procedure can be used in deter
mining whether dowels are needed and in selecting their 
appropriate size. Theoretical considerations and interpreta
tion of an extensive field data base have led to the develop
ment of descriptive mechanistic-empirical algorithms for esti
mating the expected transverse joint faulting in both plain 
and doweled concrete pavements. Within the constraints 
imposed by their statistical nature, the application of these 
tools is facilitated by the user friendly micro-computer pro
gram PF AULT. At the heart of this procedure is a new method 
for calculating the maximum bearing stress developing at the 
dowel-concrete interface, which couples earlier theoretical 
investigations with more recent results from finite element 
studies. 
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Effect of Lane Widening on Lateral 
Distribution of Truck Wheels 

RAHIM F. BENEKOHAL, KATHLEEN T. HALL, AND HARLAN W. MILLER 

Past field studies of lateral distribution of trucks on highway 
pavements are limited in their relevance to current design prac
tices and truck size limits. In particular , little information is avail
able on the effect of widened concrete slabs on lateral distribution 
of trucks. The Illinois Department of Transportation has con
structed test sections of "widened-lane" pavements with 18-in. 
and 20-in. slab extensions on 1-57. Truck wheel placements on 
these test sections were compared with those observed on nearby 
conventional 12-ft pavement slabs in a recent study conducted at 
the University of Illinois. Continuous filming of truck wheel posi
tions was performed with an 8-mm camera mounted on bridges 
over the highway. Wheel positions were determined to within 
approximately 0.5-in. precision by scaling distances measured on 
the films to known dimensions on the pavements. The mean 
placement of the wheels of over 900 trucks observed on the con
trol sections was about 22 in. from the slab edge. About 2.5 
percent of the wheels passed within 6 in. of the slab edge. On 
the widened-lane sections, the mean placement of truck wheels 
was about 2 in. closer to the lane edge (marked by the paint 
stripe) but still 38 to 40 in. away from the slab edge. No slab 
edge loadings were observed among more than 1,300 observat10ns 
of truck wheel placements on the widened-lane pavement sec
tions. The results suggest that lane widening is likely to be a cost
effective design improvement for concrete highway pavements 
that otherwise would be vulnerable to transverse fatigue cracking 
as a predominant mode of failure. 

STATEMENT OF THE PROBLEM 

Structural damage to concrete highway pavements is caused 
primarily by truck loads applied at the outer slab edge. Field 
observations of concrete highway pavement performance (J) 
have confirmed the findings of many analytical studies that 
have identified the outer edge as the critical location for fatigue 
damage accumulation. The major structural distresses observed 
nationwide are transverse cracking and corner breaks on jointed 
pavements and punchouts on continuously reinforced pave
ments, all of which are fatigue failures produced by edge 
loadings. Load-related longitudinal cracking is far less prev
alent on highway pavements than on airfield pavements. 

The importance of fatigue cracking to the performance of 
concrete pavements has prompted a two-pronged effort by 
researchers to study truck edge loads. Analytical studies 
employing plate theory (Westergaard's equation) (2 ,3), influ
ence charts (4), and, more recently, finite element programs 
(5 ,6) have concentrated on quantifying the magnitude of the 

R. F. Benekohal and K. T. Hall, Department of Civil Engineering , 
University of IUinois at Urbana-Champaign, Urbana, Ill. 61801. H. W. 
Miller, Region 10, FHWA, 708 Southwest 3rd Ave ., Portland, Oreg. 
97204. 

stress under an edge load and the reduction of this stress with 
increasing distance of the load from the edge. These and other 
studies have encouraged design modifications to reduce edge 
stresses, including increased slab thickness, reduced trans
verse joint spacing, tied concrete shoulders, and widened lanes, 
paved a foot or more wider than the standard 12-ft traffic 
lane width (7-10). Field studies, meanwhile, have attempted 
to observe the lateral wander of truck wheels around their 
mean wheelpath location and to quantify the portion of truck 
loadings that truly may be considered edge loads (11-19). 
These field studies have been conducted by using a variety of 
data collection methods on various types of roads and have 
addressed a variety of concerns (not only pavement thickness 
design but also vehicle operations and roadway geometry). 
Unfortunately, those field studies that are the oldest and least 
relevant to current roadway designs and truck characteristics 
persist in being the most influential to many concrete pave
ment design procedures and state design policies. In addition, 
very little field information is available to assess the effect of 
widened lanes on lateral distribution of truck traffic. 

The Illinois Department of Transportation (DOT) has con
structed an experimental pavement section with a widened 
lane design on Interstate 57. The University of Illinois recently 
conducted a field study and analysis of lateral distribution of 
truck traffic on the widened-lane pavement sections and on 
nearby sections of standard designs. The findings of this study 
are reported in this paper. 

SUMMARY OF PAST FIELD STUDIES 

Before World War II, when most roads in the United States 
had traffic lanes less than 12 ft wide, the Bureau of Public 
Roads studied the effect of roadway width on vehicle oper
ations. Based on observations of some 95,000 vehicles at 47 
sites in 10 states, Taragin reported in 1945 (11) that vehicle 
encroachment onto shoulders was much greater for lane widths 
of 11 ft or less than for 12-ft widths. Largely on the basis of 
these findings, the 12-ft lane width became the norm in post
war roadway construction and remains so today. Relation
ships among lane width, vehicle placement, and pavement 
distress on two-lane highways in Texas were studied by Scriv
ner in 1955 (12). Further research on lateral placement of 
vehicles on two-lane rural highways with and without paved 
shoulders was reported in 1957 by the Texas Highway Depart
ment (13). 

Taragin's 1958 study (14) on lateral placement of trucks on 
two-lane and four-lane divided highways drew on data for 
nearly 20,000 trucks collected at 119 sites in 17 states between 
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1948 and 1956. For two-lane highways with 12-ft lanes, lateral 
displacements from the outer edge of truck dual wheels to 
the edge of the pavement were reported to have means of 
26.4 in. and 10.8 in. for pavements with unpaved and paved 
shoulders, respectively. Similar results were obtained for 10-
ft and 11-ft lanes, leading Taragin to conclude that paved 
shoulders that clearly contrasted the traffic lane in appearance 
increased the effective width of each lane by a foot or more. 

The mean displacement on four-lane divided highways with 
unpaved shoulders was 33.6 in.; no data for four-lane divided 
highways with paved shoulders were reported. If paved shoul
ders were assumed to have the same effect on four-lane high
ways as on two-lane highways (i .e. , an outward shift of about 
15 in.), a mean displacement of 18 in. could be inferred from 
Taragin's study. 

The early Texas and Bureau of Public Roads studies relied 
on point sampling of vehicle placements by taking measure
ments directly from the pavement surface. In a 1972 study of 
the effect of intercity buses on nearby passenger cars, Weir 
and Sihilling described a system for continuous photographic 
monitoring of vehicles using cameras mounted inside buses 
(15). Although conducted for purposes unrelated to pavement 
design, this study introduced following moving vehicles as a 
means for observing their positions in traffic lanes. Data for 
Emery's 1975 lateral displacement study for the Georgia DOT 
(16) were collected by observers in passenger cars who fol
lowed trucks for 10 mi at a time and visually estimated the 
trucks' wheel positions every 10 seconds. The mean lateral 
displacement of the truck wheels from the lane edge was 
reported as 17.6 in. 

Canner and Hale's 1980 study for the Minnesota DOT (19) 
was the first to compare truck positions on pavements with 
widened slabs or tied concrete shoulders with those on con
ventional 12-ft-wide slabs with bituminous shoulders. Canner 
and Hale used the same data collection method as Emery: 
following trucks for 10 mi and estimating their positions every 
10 seconds. Truck positions were recorded and reported in 
8-in. intervals, a level of precision felt by the researchers to 
be coarse, but sufficient for the purposes of the study. The 
mean lateral displacements computed from the information 
reported for the sections included in the Minnesota study are 
shown in Table 1. 

The tied concrete shoulder apparently caused trucks to shift 
their positions 3 to 4 in. closer to the lane edge than to the 
bituminous shoulders, even though the concrete shoulder had 
rumble strips. Slab widening apparently caused an even greater 
shift (about 10 in.) toward the lane edge. Rumble strips on 

TABLE 1 MEAN LATERAL DISPLACEMENTS FROM 
MINNESOTA STUDY (19) 

Section Lane (ft) Slab (ft) Shoulder Rumble strip Mean (in.) 

1-90 12 12 AC No 26 
I-94 12 12 AC No 27 
1-35 12 12 AC No 26 
TH 169 12 12 AC No 26 
1-90 12 12 PCC Yes 23 
1-94 12 15 AC No 16 
TH 52 12 15 AC Yes 17 

NOTE: All displacements are measured from the lane edge (paint stripe) . 
Means computed to whole inch; measurement accuracy about ± 4 in. 
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one of the widened slab sections did not appear to significantly 
affect this shift. 

Time-lapse photography was used by Miller and Stewart in 
1982 (17) to monitor traffic on lanes of various widths in 
Toronto. They found this technique to be superior to other 
methods of collecting lateral distribution data. Lee et al. 
returned to the truck-following method in a 1983 study of 
truck positions on Texas highways (18). Trucks were moni
tored by using a video camera mounted in a van, and measure
ments were made by displaying the videotape on a 19-in. 
monitor. Of the sources of error encountered in this proce
dure, among the more serious was image distortion caused 
by curvature of the monitor screen, for which some compen
sation was attempted. No mean lateral displacement was 
reported in the study. 

Statistical analysis of the data collected in these past studies 
has been limited in nearly all cases to presenting histograms 
of the data, calculating the mean wheel location, and reporting 
the percentage of vehicles encroaching on the shoulder. How
ever, it is commonly assumed in concrete pavement thickness 
design that lateral placement of truck wheels is approximately 
normally and symmetrically distributed about the mean loca
tion . This assumption permits calculation of the percentage of 
truck passes constituting edge loads using normal distribution 
z-tables. Although this assumption may be valid for aircraft 
wheels distributed about the centerline of a wide runway or 
taxiway, there is less reason to believe that it is valid for high
way traffic. For example, Emery's data were shown in a 1976 
study by Darter to be approximately normal, whereas Tara
gin's data were not (20). The median (50th percentile) value 
of Taragin's data for two-lane highways with paved shoulders 
is approximately 18 in., in contrast to the reported mean value 
of 10.8 in. This type of discrepancy suggests that lateral dis
tributions of highway traffic may be significantly asymmetric , 
which raises the question of whether it is appropriate to use 
normal distribution tables to compute edge loadings. 

LEGISLATION AFFECTING TRUCK WIDTHS 

Previous studies on lateral distribution of trucks must also be 
viewed in light of legal truck widths in force at the time the 
data were collected. Width limits were controlled by individ
ual states' regulations between 1913 and 1956, with 96 in. (8 
ft) being the maximum in nearly all states. The first federal 
truck size and weight limits were contained in the Federal
Aid Highway Act of 1956, which set 96 in. as the truck width 
limit on all interstate highways (with a grandfather clause 
allowing wider limits already set by a few states to stand) (21). 
The 96-in. limit remained in effect until 1983, when the Sur
face Transportation Assistance Act of 1982 took effect, 
increasing the limit to 102 in. (8.5 ft). Only one of the above 
studies was published after that time, and it is likely that data 
for that study were collected before the law changed and 
trucks with wider wheel spacings were on the road . 

LATERAL DISTRIBUTION ON WIDENED LANES 

Another concern associated with applying the findings of past 
lateral distribution studies to future pavement designs is the 
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FIGURE 1 Typical cross-section of widened-lane pavement on 1-57 near 
Effingham, Ill. 

scarcity of data for pavements with widened lanes or tied 
concrete shoulders. Some researchers have suggested that 
widened lanes and concrete shoulders do not provide the 
strong visual delineation of the shoulder from the traffic lane, 
which bituminous shoulders provide, and thus do not dis
courage shoulder encroachment as effectively as bituminous 
shoulders. Colley et al. (9) state that "it is highly improbable 
that a painted white stripe located 406 mm (16 in.) from the 
pavement edge will prevent encroachment." The Minnesota 
DOT's study (19) seems to support this assertion; however, 
the crude measurement method employed in this study casts 
doubt on the significance of any differences observed. 

FIELD DATA COLLECTION 

Widened Lane and Conventional Pavement Sections 

In 1987, the Illinois DOT constructed a 4.1-mi section of 
widened-lane pavement on Interstate 57 north of Effingham 
in east central Illinois. The original 10-in. jointed reinforced 
concrete pavement (JRCP), which was built in 1964, was recy
cled and reconstructed as a 10-in continuously reinforced con
crete pavement (CRCP) with a 7-in. cement-stabilized sub
base and longitudinal edge drains. Figure 1 shows a typical 
cross-section detail from the widened-lane pavement. The 
traffic lanes are striped 12 ft wide, but the design calls for the 

12' s' 12' 

~ 
I 

slab to be paved 18 in. wider on each side. Measurements 
taken during this study showed the pavement to be 18 in. 
wider in the southbound direction, but 20 in. wider in the 
northbound direction. A typical cross-section for a conven
tional Illinois interstate pavement is shown in Figure 2 for 
comparison. Eight control sections (northbound and south
bound) were selected at four sites on 1-57 in Champaign, 
Douglas, and Coles counties. The control sections, as well as 
the widened-lane sections, had little or no horizontal curvature. 

Field Data Collection and Data Reduction 

The lateral distribution data collected for this study were 
obtained by using an 8-mm camera mounted on bridges over 
the highway. A variety of camera positions and angles were 
tried in an effort to identify the set-up that gave the best view 
of truck wheels in the outer lane and allowed measurement 
of their positions to the greatest degree of precision. Two
inch-square holes spaced 2 in. apart were cut in a cardboard 
template 2 ft long, which was used to paint marks on the 
pavement. The template was placed perpendicular to the outer 
lane edge stripe and the pavement was marked 60, 120, and 
200 ft downstream from the bridge. The positions of truck 
wheels passing over the paint marking could be determined 
with a precision of less than 1 in. at the 120-ft and 200-ft 
locations. Better precision (0.5 in. or better) was obtained at 
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FIGURE 2 Typical cross-section of control sections on 1-57 between 
Champaign and Ellingham, Ill. 
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the 60-ft location, so a camera angle directed at the pavement 
60 ft from the bridge was selected for use at all of the test 
sites. 

The position of the camera on the bridge was also selected 
after much trial and error, at positions ranging from one aligned 
with the paint stripe to one several yards farther away from 
the paint stripe. The camera position that provided the best 
view of truck wheels passing over the template without sig
nificant visual distortion was one above the outer edge of the 
outer shoulder, 10 ft from the paint stripe. This location resulted 
in a camera position at a slight angle from the traffic lane as 
well as at a downward angle to the roadway. To check for 
distortion and the possible need for a correction factor, a scale 
striped in 2-in. increments was placed across the lane, and 
actual distances on the scale were compared to distances mea
sured on film. From this comparison it was determined that 
lateral distortion was not significant. 

A variety of filming methods were tested before a satisfac
tory one was identified. Continuous filming of all traffic on 
the highway was tried first and consumed a lot of camera film. 
Next the camera was operated with its automatic timer feature 
active and an operator-controlled trigger, so that as a truck 
approached the operator could start the camera and take a 
series of time-lapse images of the truck. Even at the fastest 
shutter speed available, however, truck wheels were not always 
filmed at the spot on the pavement at which the camera was 
aimed. The most satisfactory method eventually proved to be 
having the operator watch for an approaching truck and trig
ger the camera to film continuously for the several seconds 

· , . .._ during which the truck passed under the bridge and through 
·. th'E, camera:s field of view. 

D.ata collection was not performed on days when, in the 
oper.ator's judgment, a significant cross-wind was present that 
might influence truck positions. Only tractor-semitrailers were 
filmed; no data were collected for single-unit trucks or pas
senger cars. Using the methods described, a total of 1,304 
trucks were filmed on the two widened-lane sections and lJlL 
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trucks were filmed on the control sections. The trucks' posi
tions were determined by projecting the movie films onto a 
screen and measuring the distance from the side of the outer 
wheel to the edge of the pavement. The distances measured 
on the films were scaled to actual distances by constant factors 
determined from the actual measured widths and filmed widths 
of the paint stripe and the widened slabs. 

STATISTICAL ANALYSIS 

Normality of Control Section Data 

The lateral distribution data collected on the control sections 
are summarized in Table 2. In most cases, the data did not 
appear to be normally distributed. Examples of this are shown 
in Figure 3 using data from control sections 1 and 5. In each 
case , the actual data frequencies are indicated by bars, and 
the theoretical frequency of a normal distribution with the 
same mean and variance is indicated by a curve. Most of 
section l's actual frequencies to the left of the mean are less 
than the theoretical frequency, whereas most of the actual 
frequencies to the right of the mean exceed the theoretical 
frequency . The mean of these data is 20.09 in., whereas the 
median is about 18 in. Section 1 exhibited the most pro
nounced skew; among the other control sections, the median 
was skewed an inch or less from the mean. No consistent 
leftward or rightward skew was observed among the eight 
control sections. 

Normality should not be judged only by skewness, however. 
The mean of the data for control section 5 (24.34 in.) is very 
close to the median (24 inches). Nonetheless, the distribution 
does not appear to be normal. Actual frequencies exceed 
theoretical fre¥1encies on both sides of the mean and fall 
short of theoretical frequencies in the vicinity of the mean . 

To examine the normality of the control section distribu
tions, chi-square (x2) tests were performed on each of the 
eight data sets. The computed x2 values and the theoretical 

TABLE 2 SUMMARY OF LATERAL DISTRIBUTIONS MEASURED ON 
CONTROL SECTIONS OF 1-57 IN ILLINOIS 

Section Number Mean Std Dev Location 

l 146 20.087 8.479 I-57 SB Champaign Cty Rd 25 

2 84 25 . 716 6.854 I-57 NB Douglas Cty Rd 1250 N 

3 48 24.422 7.382 I-57 NB Douglas Cty Rd 600 N 

4 136 18 . 411 8.226 I-57 NB Champaign Cty Rd 25 

5 118 24.345 8.259 I-57 SB Coles Cty Locust Rd 

6 64 24. 071 7.893 I-57 NB Coles Cty Locust Rd 

7 146 24.844 8 .239 I-57 SB Douglas Cty Rd 600 N 

8 170 22.682 8.204 I-57 SB Douglas Cty Rd 1250 N 

Total 912 22.659 8 . 396 

Notes: Mean displacements are distances from the slab edge, in inches. 
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FIGURE 3 Actual versus theoretical distribution of wheel positions for 
control sections 1 (top) and 5 (bottom). 

TABLE 3 RESULTS OF CHI-SQUARE TESTS FOR 
GOODNESS OF FIT OF CONTROL SECTION DATA TO 
NORMAL DISTRIBUTION 

Observed 

61 

values at a significance level of a = 5 percent are shown in 
Table 3. For seven of the eight data sets , the computed values 
exceed the theoretical values, implying that those seven data 
sets exhibit a significant departure from a normal distribution. 
The observed significance level of each test , also reported 
in Table 3, showed that five of the eight data sets would 
be judged not normal even at a significance level of a = 1 
percent. 

Section X~a1c K X~~3,a = s% Significance 

Equality of Variances on Control Sections 

Any significant differences among the means of the eight 
control sections can be identified by an analysis of variance, 
provided that the data sets meet the assumption required for 
use of the F-statistic. Ideally , the data sets com pared should 
be independent and normally distributed and have a common 

1 23.08 14 19.67 98 
2 18.84 10 14.07 > 99 
3 18.28 6 7.81 > 99 
4 22.91 14 19.67 98 
5 24.00 13 18.31 > 99 
6 27.97 8 ll.D7 > 99 
7 26.54 15 21.03 > 99 
8 20.67 15 21.03 93 

Non ;: The null hypo1hesi. 1-10 that the data arc nonnully di 1ri bu1cd N(µ. ,ql) 
is rejc.cted wi th 95 percent confidence i f the c<1 lculnted value x~.1e exceed · 
the theoretical value Xk - ).., • Sl;c · where K is the number of intervals nnd 
a i the l ·vcl f ignificnnce. T he observed signi ficance level corresponds 
to the level a l which x~ ••• equals the 1hcorc1ieal value or xi·- ... -s ... · 
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TABLE 4 TEST FOR HOMOGENEITY OF VARIANCE OF CONTROL 
SECTIONS 

Given: J sample variances s 12, s 22, ... sj 2 • of relatively large (> 25) 
samples n1 , n2 , .. . nj from populations with possibly different means 
and variances, all unknown 

Null hypothesis H0 : a1
2 - a 2

2 - ... - aj2 
Alternate hypothesis Ha: at least two ai2 are unequal 

Let: !iJ - 1th observation in jth sample 
YJ - jth sample mean 

G 1) [ ln s/ 

~ - 2 + [ 1 - C 1 I n > l m 
n - ( L nj ) / J 

m 
- 2 2 

[ L L ( Yij - Yj ) ] 
3 

If H
0 

is true and all nj are reasonably large, G has approximately a x2 

distribution with J-1 degrees of freedom , A formal test of H
0 

at a significance 
level a is : 

Reject H0 if G > x2a,J-l 

Do not reject H0 if G 5 x2a J-1 

For the 8 control section data sets: 

See Table 1 for observations and sample variance of each data set. 

~ - 0.092 
n - 912 / a - 114 
k - 2 + [ 1 - c 1 / 114 ) J 0 .092 - 2.0912 
k2 - 4.373 
G - 2.92 
x2 - 14. 07 

2 . 92 .$ 14. 07 

Therefore do not reject H
0

, assume variances are homogeneous. 

variance. Although the control section distributions already 
have been shown to be nonnormal, an analysis of variance 
from a previous study (22) still may be used to compare their 
means, provided that their variances are homogeneous: 

Comparison of Control Section Mean Displacements 

The results of the analysis of variance, given in Table 5, con
firm that significant differences do exist among the eight con
trol section means at a significance level of a = 5 percent. 

If the number of observations in each group is reasonably 
large, inferences made about means assuming normality remain 
valid for nonnormal populations, all other things being equal. .. 
In particular, the F test is essentially unaffected if the under
lying populations are all of the same form. 

To ensure that the data sets are of the same form, a test 
of the equality of their variances can and should be conducted. 
Unfortunately, the most commonly used tests for comparing 
variances are severely affected by nonnormality. One test for 
homogeneity of variance that applies to large samples and is 
insensitive to departures from normality is given by Layard 
(23). Applied to the eight sets of control section data, La yard's 
test confirms that the variances are homogeneous, as shown 
in Table 4. The F-statistic is therefore appropriate for use in 
comparing the means of the data sets. 

The seven degrees of freedom provided by the eight data 
sets permit up to seven specific comparisons to further inves
tigate differences in the control section means. However, only 
five comparisons were judged to be of interest. It should be 
noted that since they are not independent (all being related 
by the mean square error), these comparisons cannot be tested 
individually at a particular significance level a and all be simul
taneously considered valid at that same level of a. The five 
individual comparisons were therefore made at a significance 
level of a = 1 percent, so that their simultaneous confidence 
level is (1 - o:)5 = (0.99)5 = 0.951 = approximately 95 
percent. 

One of the comparisons made was between the pair of 
sections 1 and 4 and the remaining six sections, since these 
two means (20.1 and 18.4 in.) are noticeably less than those 
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TABLE 5 ANALYSIS OF VARIANCE OF CONTROL SECTIONS 

Source 

Total 

Trtmnt 

(1) 

(2) 

(3) 

(4) 

(5) 

Error 

Degrees 
Freedom 

911 

1 

1 

1 

1 

1 

904 

Sum of 
Squared 
Errors 

64,156 

5 , 515 

4,647 

198 

1,225 

564 

523 

58,631 

M e a n 
Square 
Error F calc F theor 

788 12 . 14 2 . 01 

4,647 71.63 6.63 

198 3 .OS 6.63 

1,225 18 . 88 6.63 

564 8.69 6.63 

523 8 . 06 6 . 63 

64.86 

Notes: Some significant difference among the eight treatment means is 
indicated by Fcalc (12.14) greater than Fo.o5 , 7 .~ (2.01) . 

Significant comparisons are indicated by Fcalc (see cable) greater 
than Fo.01,1,~ (6.63). These comparisons are made indivldually with 99 
percent confidence; their simultaneous confidence level is (0 . 99)5 
- 95 percent . 

Comparisons: 

(1) 1, 4 } versus ( 2, 3, 
(2) l I versus I 4 } 

(3) 8 J versus ( l, 4 J 
(4) 8 J versus ( 2, 3, 5' 
(5) 2 ) versus ( 8 ) 

of the other six sections. Table 5 shows that these two sections 
are significantly different from the other control sections. 

The mean of section 8 (22.7) is about 2 in. greater than 
that of section 1, but about 2 in. less than those of the remain
ing five sections. As Table 5 shows in two comparisons, the 
difference in means between section 8 and these two groups 
is significant. 

At two of the four bridge locations, the means of the data 
measured in opposite directions appeared to be noticeably 
different. As noted above, the means of sections 1 and 4 
(southbound and northbound at Champaign County Road 25) 
differ by 1.5 in. The means of sections 2 and 8 (northbound 
and southbound at Douglas County Road 1250 N) differ by 
a full 3 in. As Table 5 shows in two comparisons, the difference 
between the means of 1 and 4 was not statistically significant, 
whereas the difference between the means of 2 and 8 was 
significant. At the two other locations used in the study, the 
difference in means by direction was so slight (0.4 in. between 
sections 3 and 7, 0.2 in. between sections 5 and 6) that com
parisons did not seem warranted . 

The analysis of variance tests only for significant differences 
in means and does not compare entire distributions. The 
cumulative percent frequency distributions for the eight con
trol sections shown in Figure 4 illustrate the notable difference 
between sections 1 and 4 and the remaining six sections, but 
does not make obvious the differences found among the other 
sections. The points at which the curves cross the 50 percentile 

5, 6, 

6, 7 

7, 8 } 

) 

line in Figure 4 correspond to the median values of the distrib
utions, and not the mean values. 

Lateral Distributions on Widened-Lane Sections 

A summary of the data collected on the widened-lane sections 
is given in Table 6. Five rolls of film were shot on each test 
section, each roll on a different day. A total of 691 trucks 
were observed on the southbound section, which is widened 
18 in., and 613 trucks were observed on the northbound sec
tion, which is widened 20 in. The mean displacements reported 
in Table 6 are measured from the edge of the slab and can 
be converted to displacements from the lane edge by sub
tracting 18 and 20 in. , respectively. When this is done , the 
values for the two sections appear similar. Mean displace
ments from the lane edge range from 17.0 to 23.2 in . on the 
southbound section, with an overall mean of 20.09 in., and 
mean displacements range from 18.3 to 21.5 in. on the north
bound section, with an overall mean of 20.55 in . 

Of the 691 trucks observed on the southbound section, the 
smallest measured distance from the slab edge was 10.9 in., 
a 7 .1-in. encroachment over the lane edge stripe but still well 
outside the range in which it could be considered an edge 
loading. On the northbound section, the smallest measured 
wheel distance from the slab edge among 613 observations 
was 17.1 in., an encroachment of 2.9 in. over the lane edge 
stripe. 
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FIGURE 4 Cumulative percent frequency distributions for control sections. 

Widened-Lane Lateral Distributions Compared by 
Direction 

The variances of the northbound and southbound widened
lane lateral di tribution · were confirmed to e homogeneous 
by u ing Layard 's test. The similarity in the mean (20.55 and 
20.09 in.) suggest and an analysis of variance confirm that 
no significant difference exists between the distributions 
observed in the two directions. 

CONCLUSIONS AND RECOMMENDATIONS 

The findings of past field studies on lateral distribution of 
trucks on conventional 12-ft lanes should he exllmined care
fully and applied with caution . All of Lhe past field studies on 
lateral distribution were conducted before enactment of leg
islation permitting 8.5-ft truck widths, and some were con
ducted using approximate data collection methods. The method 
employed for this study, filming truck wheels on the pavement 
at fixed spots, was felt to provide sufficiently accurate and 
precise measurements. 

The mean lateral displacement of truck wheels from the 
pavement edge on conventional 12-ft-wide Janes ranged from 
18.4 in. and 25.7 in. on eight pavement sections, with an 
overall mean of22.7 in. However, significant differences were 
observed among the mean displacements, despite the pave
ment sections being of the same geometric design, all located 
on the same interstate highway, and all within 70 mi of each 
other. Variance in lateral distribution, however, was consist
ent among all of the control sections. 

Using a mean and standard deviation for lateral distribution 
of trucks, and assuming the distribution to be normal, a pave
ment designer can compute the percentage of truck loads in 
any desired interval of the distribution as the area under the 
normal curve within this interval. Although conditions will 
vary uepemling on the specific design features of the pave
ment, as a rule of thumb only loads within about 6 inches of 
the slab edge will produce significantly high stresses at the 

slab edge. For the eight control sections in this study, the 
percentage of loads within 6 in. of the slab edge ranged from 
Jess than 1 to about 7.5 percent, with an overall average of 
about 2.5 percent. The designer should keep in mind that 
whatever quantity for percent edge loads is computed in this 
fashion may be somewhat overconservative or underconserva
tive if the assumption of a normal distribution is not valid. 

The findings of this study clearly show that the paint stripe, 
and not the slab edge, is the more influential factor in truck 
wheel placement on widened-lane pavements. The mean lat
eral distance from the lane edge was only about 2 in. less on 
18-in. and 20-in. widened pavement sections than on control 
sections. With respect to both mean and variance , no statis
tically significant differences in lateral distributions were 
detected for the 18-in. and 20-in. widened-lane pavement sec
tions. 

Among more than 1,300 observations of truck wheel place
ments on widened-Jane pavement sections, the smallest mea
sured from the slab edge was 10.9 in. There were, in other 
wurus, no edge loadings observed among some 1,300 total 
loadings. The practical significance of this to structural design 
of concrete pavements is noteworthy: lane widening is likely 
to be a cost-effective design improvement for pavements whose 
probable mode of failure will be accumulated fatigue damage 
manifested by slab cracking. For pavements likely to fail in 
other ways (e.g., joint deterioration or D-cracking) , other 
design improvements should be investigated. 

The trends observed in this study may be fairly typical, but 
the actual statistics are specific to the sites studied and should 
not be applied to design of pavements at other sites without 
great caution. Research into the effects of pavement condi
tions, shoulder conditions, weather conditions, traffic volume, 
and other factors on lateral distribution of trucks is strongly 
encouraged. Meanwhile, pavement designers should view with 
skepticism any reported national average for truck wheel posi
tions aod verify assumed distributions with field observations 
whenever possible. The methodology u ed in this study for 
field data collection is suggested as reasonable for other 
studies. 
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TABLE 6 SUMMARY OF LATERAL DISTRIBUTIONS MEASURED ON 
WIDENED-LANE TEST SECTIONS ON 1-57 IN ILLINOIS 

18-INCH WIDENED-LANE SECTION: 

Film Roll Number Mean Std Dev Lo~~tion 

1 129 34.978 8.671 I-57 SB Effingham Cty mp 165 

2 131 38.528 7.398 (same) 

3 127 41. 229 9.520 (same) 

4 195 38.235 9 .071 (same) 

5 109 37.336 9.840 (same) 

Total 691 38.091 9 .077 

20-INCH WIDENED-LANE SECTION: 

Film Roll Number ~ Std Dev LQ£ation 

1 107 41. 376 9.244 I-57 NB Effingham Cty mp 165 

2 127 41.466 9.312 (same) 

145 41. 486 9.707 (same) 

4 126 38.342 8.590 (same) 

5 108 39 . 949 8.242 (same) 

Total 613 40.546 9.375 

Note: All mean displacements are expressed as distance from the side of the wheel 
to the edge of the concrete slab, in inches. Subtract 18 inches and 20 
inches respectively to obtain mean displacement from the lane edge. 
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Validation of Concrete Pavement 
Responses Using Instrumented Pavements 

ERNEST J. BARENBERG AND DANG. ZOLLINGER 

Mechanistic based pavement design procedures require val.idated 
mathematical models and calibrated.transfer funct'ions. The trans
fer functions can be calibrated on ly by observing the performance 
of pavements over time. Th mathematical models can be cali
brated by comparing the fundamental pavement re pon es to load 
and climate with the respon es predicted by mathematical models. 
Two instrumented pavement section are dcscl'ibed that were 
con tructed in Tllinois to validate the mathematical models u. ed 
in the development of a mechmiistic based pavement design pro
cedure for jointed concrete pavements. The type and 1.ocation of 
gauges and the material properties and testing pr cedures used 
are detailed . Typical re ults and the significance of results with 
respect to the analy i models used and the design procedure 
developed u ing the models are presented. Effect of bonding 
between the lab and the lean con<irete subbase and the impli
cation. of tied portland cement concrete shoulders are demon
strated. Effect. of temperature changes are hown to be a major 
factor in the responses of the pavements. 

Over the pa t several years , the University of lllinois under 
tbe sponsor hip of the Illinois Department of Tran porta!ion , 
ha developed rnechruiistic ba ed procedure for jointed and 
continuously reinforced concrete pavement . Validation of 
the design procedure wa ne of the task included in th 
study, which included hort- and long-term validation. T he 
long-t rm validation. involves a comparison of the actual pave
m nt performance ove r a number of years v rs us the predicted 
performance. Short-term validation involved a compari ·on of 
actual pavement responses with re ·pon ·e predicted u ing the 
mechanistic models in the design procedure. 

During the ummer of 1986, as a part of the short-term 
validation , a number of jointed and continuously reinforced 
concrete (CRC) paveme nt Le ·t section were instrumented at 
two locations in Illinois. Gauges were installed in 5 sections 
of CRC pavements and 22 sections of jointed pavements . A 
total of 16 different pavement section were in trumented, 
with 11 of the jointed sections replicated . The instrumented 
sections included three slab thicknesses of the jointed and two 
of the CRC pavements, with four different joint spacings in 
the jointed pavements . Instrumented sections of both jointed 
and CRC sections had varying drainage characteristics. 

Strains in the pavement sections were recorded at specified 
intervals starting as soon as possible after the concrete had 
initiaUy hardened . After the concrete had reach d its de ign 
strength, but before the pavements were opened to traffic, 

E. J. Barenberg, Department of Civil Engineering, University of 
Illinois, Urbana-Champaign , Urbana, Ill . 61801. D. G . Zollinger, 
Department of Civil Engineering and Texas Transportation Institute, 
Texas A&M University , College Station, Tex . 77843. 

the pavements were loaded with static and moving loads by 
using a truck with an 18-kip single axle load. The data were 
first collected in the memory of a Compaq portable computer 
with 640K memory, quickly reviewed for potential errors, and 
then transferred to floppy disks. 

Currently there are over 100 floppy disks (360K capacity) 
filled with data , and more are being collected. These data are 
being analyzed and evaluated as time permits. As a check on 
the recording equipment, strains in the concrete and steel 
under static loading were also read using an SR-4 strain indi
cator type N. 

Preliminary evaluation of the data indicates that the analysis 
models used in developing the design procedure accurately 
predict the strains caused by load in the concrete pavement. 
Strains caused by temperature and moisture changes in the 
concrete are also significant in the performance of these pave
ments. These results indicate that both the relative and abso
lute strains caused by temperature and moisture changes in 
the pavement were, on the average, greater than expected. 
Interpretation of these data is very difficult because the pave
ments with the greatest thermal and shrinkage strains prob
ably have the least restraint and hence the least stress, whereas 
those with the least strain probably have the greatest restraint 
and hence the greatest stress. 

Details of the instrumentation installed in the pavements 
are described and the type of data available from the instru
mentation package is presented. Procedures used to analyze 
the data and examples and implications of the findings to date 
are discussed . 

PROJECT DESCRIPTION 

Two instrumented demonstration projects were designed and 
constructed for validation of proposed design procedures for 
jointed plain concrete (JPC), jointed reinforced concrete (JRC), 
and CRC pavements in the state of Illinois. Demonstration 
project FA 409 was constructed near Carlyle, Ill., approxi
mately 20 mi south of 1-70 on US-50, and demonstration 
project FA 401 was constructed near Freeport, Ill., approx
imately 40 mi west of Rockford, Ill . on US-20. Layout of 
these projects along with details regarding joint layout, pave
ment thicknesses, pavement type , and drainage conditions at 
the project sites are shown in Figures 1 and 2 and are reported 
el ewh re (1). The strain ga uge were installed during the 
construction phase to monitor the effects of wheel load and 
temperature-induced strains. Table 1 summarizes the instru
mented slabs at each project site. 
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TABLE 1 SUMMARY OF GAUGES IN JOINTED 
PAVEMENTS 

ilt;itluo ~Miao 

Carl yle 3216+08 

3218+68 

3226+08 

3229+88 

3264+91 

3266+91 

3273+31 

3274+91 

3432+06 

3439+06 

3485+66 

3505+66 

Freeport 846+91 

875+46 

896+05 

970+10 

927+30 

292+70 

935+30 

935+30 

985+27 

999+87 

Joint 
su,loa Ihl,~om 

20' 9-1/l" 

40 ' 

20' (Al) 8-1/2" 

13' -4"(8) 

20 ' 7-1/2' 

40 ' 

20' 10" 

40' 

15' 

20' 

20 ' (Al) 

13' -4 " (BJ 

40' 

15' 

LONGITUDINAL 
SAW CUT 

Joint Ref 
I gf 6i1U9U IrQQ flg 

dowel 

12 6 

12 

13 hinge 

13 

13 

13 

dowel 

12 

12 

dowel 

12 

13 hinge 

13 

13 

13 

12 dowel 

- TOP GAUGE (ODD NUMBERS) 
BOTTOM GAUGE (EVEN NUMBERS) 
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STRAIN GAUGE LAYOUT AND SLAB 
INSTRUMENTATION 

Polyester-encapsulated wire-type electrical resistance gauges, 
Series "PM," manufactured by Tokyo Sokki Kenkyujo (PML-
120 and PML-60 obtained through Texas Measurements, Inc.) , 
were placed in the concrete. The wire-type strain gauge and 
lead wires were hermetically sealed between polyester resin 
plates, and the entire gauge was coated with a gritty substance 
to promote bonding to concrete. 

To eliminate localized effects, the gauge length was chosen 
to span several aggregate particles. Since the maximum par-
tide size in the portland cement concrete (PCC) was 1.5 in., 
a gauge length of 4. 75 in. was selected. 

The electrical conducting wires used in the strain gauges 
undergo a change in resistivity with changes in temperature. 
Another temperature effect is caused by the gauge being bonded 
to a test material (concrete) that has a different coefficient of 
thermal expansion than the resin gauge material. Therefore, 
a temperature compensation gauge or "dummy" gauge was 
installed in parallel with each active gauge. To maintain them 
in an "unstrained" condition, dummy gauges were placed in 
a polyvinylchloride (PVC) tubing, which was then sealed to 
prevent intrusion of the concrete, and the entire tube was 
cast into the pavement slab adjacent to the active gauges. This 
scheme worked well for measuring the load strains but was 
not as satisfactory for evaluating the temperature-related strains. 

A typical instrumented jointed slab layout indicating the 
locations of the active gauges is shown in Figure 3. Other 

THERMOCOUPLE 
LOCATION 

20' JRC 
THICKNESS: 7V2

1

: 9v2: Id 

12' 

_L_A_N_E_<t-_J~--- + -------

DIRECTION OF TRAFFIC 

LONGITUDINAL 
EDGE JOINT 

FIGURE 3 Instrumented slab layout. 
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Strain Gauge 

I 

Wire Support/ 

Pavement 
Thickness 

FIGURE 4 Strain gauge pavement installation. 

similar joint spacing and gauge layout configurations were 
also included in the project instrumentation (J) but are not 
shown here. The gauges were strategically placed to measure 
the maximum strain caused by a wheel load placed at or near 
the pavement edge and the strain caused by slab curling. 
Gauge were generally placed in pairs along selected trans
verse and longitudinal joints with one gauge at the slab top 
and the other near the bottom. Gauges at the slab corners 
were reference gauges, so only the top gauge was installed at 
these locations. 

Encapsulated gauges were also installed in several CRC 
pavements, but these are reported here only briefly for ref
erence. The measured strains in the CRC pavements are 
reported elsewhere (2). Basically, the gauges in the CRC 
pavements were positioned to measure transverse and lon
gitudinal strains in the concrete midway between the trans
verse cracks. Gauge installation procedures for the CRC pave
ments were essentially the same as those for the jointed 
pavements, except that all top gauges were installed using the 
saw-and-grout method discussed later. Strain gauges were also 
installed on several longitudinal steel bars in the CRC pave
ments. The gauges on the reinforcing bars were positioned so 
that strain gradients along a bar segment near and adjacent 
to transverse cracks could be established. 

After the roadway had been graded and trimmed, but before 
the sub base (lean concrete) was placed, a 4-ft-deep trench 
was cut from beyond the outer edge of th boulder to approx
imately the wheel path in the paving lane . A PVC conduit 
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Top Gauge 
Sawcut or Place 
in Fresh Concrete 

Concrete Slab 

\_ Subbase 

was installed in this trench, and lead wires from the dummy 
gauges and the gauges placed at the bottom of lht: pavement 
were routed through the conduit. Grooves were cut in the 
top of the subbase to run the lead wires from the individual 
gauges to the rnm.luit inlet box. The lead wires were carefully 
marked to indicate the gauge and location and were run to 
an outlet box attached to a 4-by-4 post beyond the outer edge 
of the shoulder. 

Accurate location of the gauges was considered to be essen
tial if meaningful data were to be collected. As soon as the 
lean concrete subbase had cured, the proposed locations of 
the bottom gauges were marked on the subbase surface. A 
support system consisting of a thin metal rod bent into the 
shape of a U was installed in two holes drilled into the subbase, 
as shown in Figure 4. The gauges were then attached to the 
supports. Installation of the top gauges is discussed later. 

During the paving operations, the contractor was requested 
to slow the paving speed and reduce the concrete head as the 
paver approached the in trumented sites. Approximately 5 
min before the paver reached the instrumented site, plastic 
concrete was placed directly over and around each gauge to 
prevent movement of the gauges and tearing of the lead wires. 
This procedure appeared successful as no gauges were lost 
because of the paving operations. 

An acceptable procedure for upporting the top gauges in 
the concrete wa not found, so 1he gauges were installed in 
the concrete after the fini hing operations were complete. 
Three different procedures were used for this installation. 
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The first method for installing the top gauges was to saw a 
groove in the hardened concrete and then to bond the gauges 
in place by using a sand cement grout. This procedure was 
effective but did not provide immediate readings of the -strains. 
There was also some concern about the long-term effective
ness of the grout, which is essential for transferring the strains 
from the concrete to the gauges. All of the top gauges in the 
CRC pavements were installed in this manner. 

A second method involved placing a wood plug in the fresh 
concrete at the approximate gauge location. As soon as the 
concrete had taken on a set, the plug was removed and the 
gauge was placed in the void. Again, the gauge was grouted 
into place by using a sand cement grout. Because it permitted 
earlier readings of the strains, this method was judged supe
rior to the first method. The main problem with this approach 
was the concern about the long-term effectiveness of the grout. 

The third procedure involved working the gauge into the 
fresh concrete and carefully compacting the fresh concrete 
around the gauge. The lead wires were also worked into a 
groove in the fresh concrete, which was cut with a trowel. 
This method alleviated the concerns over the grout effective
ness and permitted immediate readings of the strains. How
ever, accurate placement (both alignment and depth) was 
more difficult to achieve with this procedure. With some prac
tice, this would be the recommended procedure for any future 
installations. 

STRAIN RECORDING 

Strains are measured as voltage changes in the strain meters 
within the system. These voltage changes are then amplified, 
processed, displayed, and stored. For every gauge and every 
reading there must be a zero value and a calibration reading . 
Calibration readings were recorded with strain readings. 

For static loading, the strains were read using a portable 
strain meter, and the data were recorded manually. For the 
dynamic loading, the readings were recorded on a recorder, 
capable of recording 10 channels of data simultaneously. These 
readings were recorded on tape and then transferred to floppy 
disks and read directly into a spread sheet using Lotus 1-2-3. 

One of the most difficult tasks in collecting this type of data 
is to minimize unwanted electrical noise. Much of the noise 

-co-mes from such sources as electrical high-tension wires near 
by, automobile ignition sparks, radio signals, and other sources. 
High-quality lead wires, connectors, and mating plugs were 
used to keep the noise to a minimum. However, the first 
attempt at recording the strains under dynamic loading still 
produced significant noise problems. Through careful ground
ing of the equipment and installation of high-frequency filters 
a significant amount of the noise was eliminated for the sub
sequent tests. 

THERMOCOUPLES 

Temperature changes in the c ncrete and temperature gra
dients through the slab can significantly affect the measured 
respon es of PCC pavements. Thermocouples were installed 
near the top and bottom of several slabs within the test site. 
The thermocouples were installed near the pavement edge in 
CRC pavements and near a corner in the jointed pavements. 
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The thermocouples were installed by fastening them to a poly
ester tube at the desired heights and fastening the tube to 
reinforcing bars in the pavements. 

During the load testing procedures, the thermocouples were 
read directly with a potentiometer or a digital thermometer. 
For longer-term readings, that is, readings taken over 24-hr 
or longer periods, the temperature data were recorded on a 
multichannel, battery-powered portable recording system. The 
recording device was programmed to sample the data at pre
selected intervals throughout the test period. The device had 
a memory of 64K and, when the device was filled, the data 
were transferred directly to floppy disks using a portable IBM
compatible computer system . 

MATERIALS 

Subgrade Soils 

Soils at the test site near Carlyle in southern Illinois were 
mainly glacial till, overlain with a relatively thin layer of wind
deposited loess. The soil types ranged from silt loam to clays, 
with the predominant soil type a silty clay. 

The soil at the test site near Freeport in northern Illinois 
was also glacial till and was classified as a silt loam with an 
AASHTO classification of A-4(8), with poor drainage char
acteristics. Soil support at this site was non-uniform, because 
there were a number of rock outcroppings within the test site. 

Plate load tests were conducted at each site after the final 
grading but before placing the subbase. The tests were run 
at random locations throughout the project sites. The k values 
obtained from the plate load tests for both sites are given in 
Table 2. 

Falling weight deflectomer (FWD) tests were run on the 
top of the subgrade to obtain dynamic k values. A 30-in.
diameter plate was placed on the subgrade, and the FWD test 
was run on top of the plate. Dynamic tests were run only at 
the Carlyle site. These results are also shown in Table 2 along 
with a ratio of the dynamic to the static k values. The average 
ratio of dynamic to static k is 1.30, with a standard error 
of 0.26. 

Subbase 

The subbase for both projects was lean concrete with a com
pressive strength of approximately 2,500 psi after 1 year of 
service. In Illinois this material is commonly referred to as 
"econocrete." The econocrete was placed with a concrete 
paver to a depth of 4 in. and finished with a float, and a coat 
of liquid curing compound was applied . The specifications 
called for the subbase to cure for 7 days before placing the 
concrete. 

Concrete 

Concrete used in both test projects met the Illinois Depart
ment of Transportation (IDOT) standards for paving class 
concrete. The IDOT standards call for a mix with a 14-day 
strength of 650 psi, when tested in flexure under center point 
loading. 
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TABLE 2 SUMMARY OF PLATE LOAD TEST RESULTS 

Pro lgct 409 Carlyle. IL Pro toct 401 fNpaott. CL 

Static k Dynamic k Ratio 
g~j g~j Drnaml' ~lHil t l' ~ 12~i 

116 120 

119 202 

so 145 

174 194 

86 128 

210 129 

143 119 

169 124 

Avg . 133 145 

std dev 51 34 

Sufficient beam specimens were cast from the concrete used 
in the instrumented slabs so that 14-, 28-, and 90-day strengths 
could be determined. The beams tested to measure the 28-
and 90-day strengths were stored on the project sites . The 
beams were wrapped in plastic heets to prevent drying, bur
ied in a pit alongside the pavement , and covered with moist 
sand . Thus, the beams were cured until testing under con
ditions comparable to the concrete in the pavement. Maturity 
meters were also installed at project sites to monitor the con
crete strength development before loading and testing . 

Table 3 how · a summary of th 2 -day concrete properties 
for the Carlyle project. 111e effective m dulu of rupture under 
thi.rd point loading was 713 psi, with a compressive trength 
of 5,332 psi. The modulus of elasticity measured during com
pressive testing was 4.16 x 10 psi. The variability in the 
concrete properties was very low, with the coefficient of var
iation under 10 percent for both the compression and flexure 
test results . 

TABLE 3 28-DA Y CONCRETE FLEXURAL AND 
COMPRESSIVE STRENGTH AT CARLYLE, ILL. 

Stat I on Flexural Strength 
Center Point• Third Point .. 

·3216+12 

3229+87 

3262+50 

3275+00 

3352+50 

3395+00 

3432+50 

3505+00 

989 

802 

856 

840 

750 

827 

3510+00 806 

Average 838 

STO DEV 74 

Coef of Var (%) 8. 8 

* Measured Va 1 ue 

840 

682 

728 

714 

638 

703 

685 

713 

63 

a.a 

** Calculated Value at 85% of Center Point Load 

r.ompress ive 
Streng t h* E x IO' ' 

6084 

4651 

5736 

5335 

5229 

4994 

5332 

502 

9 . 4 

4 . 43 

3 .ee 

4 . 32 

4 . 16 

4 . 12 

4 . 03 

4 . 16 

. 20 

5. 72 

1.03 

I. 70 

2 .90 

J.12 

1.49 

0.64 

0 . 83 

0. 73 

l.30 

. 74 

529 

412 

360 

527 

248 

282 

312 

345 

377 

105 

TYPICAL TEST RESULTS 

Pavements at both sites were tested under both static and 
moving truck axle loads . The primary load system was a 
single-axle truck with 18 kips on the rear axle. Initial tests on 
the pavements at Carlyle were during July 1986, approxi
mately 30 days after placing the concrete for the mainline 
pavement slabs , and before the tied concrete shoulders were 
added. These same pavements were retested during the sum
mer of 1986, after the shoulders had been added and the 
pavements had been open to traffic. Pavements at the Free
port site were tested initially during the fall of 1986, both with 
and without tied shoulders similar to the tests at Carlyle . 

Pavements at both sites have subsequently been tested under 
similar loading conditions, in both the summer of 1987 and 
the late spring of 1988. In all, a total of over one hundred 
360K capacity floppy disks have been filled with data. Since 
most of the gauges installed are still active and in good work
ing order, it is anticipated that subsequent testing will be done 
on these sites. 

Since the primary focus of the testing for this project was 
to validate the ILLl-SLAB model to predict pavement response 
to load, sufficient data were reduced as soon as possible to 
verify this for several different pavement configurations and 
loading conditions . Examples of results obtained are pre
sented herein. However, much of the data have not yet been 
reduced, and work is continuing on this phase of the study. 
More complete results will be presented in the literature over 
the next few years. 

Jointed Concrete Pavements 

Figure S shows some typical comparisons obtained between 
the calculated and measured strains in jointed concrete pave
ments. The maximum strains were recorded by gauges installed 
near the edge of the slab at a point midway between transverse 
joints (gauges 1 and 2, Figure 3), with a static wheel load 
placed directly over the gauge. Variation in strains at the 
midslab position (gauges 1and2) as the load was moved away 
from the gauge location is also shown in Figure S. The appar-
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FIGURE 5 Typical results from measured strains under load from Illinois HPR projects 401 and 409. 
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ent "mirror image" strains ( + and - ) are from gauges at the 
top and bottom of the slab. 

One of the more interesting aspects of these data is the 
effect of bond between the slab and the subbase. The theo-
retical results are shown for both the bonded and unbonded 
conditions based on ILLl-SLAB analyses (3). The measured 
strains suggest that there was significant bonding between the 
slab and subbase when these tests were conducted. Tests con-
ducted in the late spring of 1988 indicate that this bond may 
be breaking down. 

Since the gauges away from the immediate loaded area 
show small strains, the remainder of the data presented herein 
for the jointed pavements is from midslab gauges only. 

Figure 6 shows measured and calculated strains from a series 
of slabs 7 .5, 8.0, and 9.5 in. thick. In these data the measured 
strains are in good agreement with the calculated values for 
the bonded condition, but the calculated strains for the 
unbonded condition are significantly greater than those for 
the bonded condition. 

Figure 7 shows the effect of speed on the measured strains 
in the pavements. Again, the measured and theoretical results 
for the bonded case are in good agreement, but the theoretical 
results for the unbonded condition are significantly higher. 

The effects of tied PCC shoulders on the strains in the 
jointed pavements are shown in Figure 8. The trends with 
regard to speed and bonding to the subbase are the same as 
those shown for the slabs without shoulders (Figures 6 and 
7). The results clearly show the benefits of tied shoulders in 
reducing edge strains in jointed PCC pavements. 

Temperature Strains 

Temperature gradients were recorded for both the jointed 
and CRC pavements. Figure 9 shows the gradients in a jointed 
pavement for the winter of 1986 and the spring of 1987, along 
with the gradients and percent time assigned for the gradients 
in the design procedure for jointed concrete pavements. Table 
4 gives a summary for the gradients at various times for both 
sites. 

Results from measured strains caused by curl are somewhat 
more difficult to interpret. If, for example, a slab is fully 
restrained, and if the thermal expansion of the gauge and the 
concrete are the same, then there should be no measured 
strains in the slab caused by curl. Conversely, if a slab is 
completely unrestrained, then the measured strains caused by 
curl should be equal to the thermal strain differential between 
the top and bottom of the slab, but there would be no curl 
stress. The actual situation is somewhere between these two 
extremes; the only way to get an estimate of the curl strains 
is to have one gauge located in a position where one would 
not expect any curl restraint, and to evaluate the difference 
between the restrained and unrestrained gauge readings. 

Using the strain difference technique, the strains in a typical 
jointed concrete at Carlyle were determined and are shown 
in Figure 10. The measured strains show good agreement with 
the theoretical strains for curl in these pavements. The the
oretical strains were determined by using an algorithm devel
oped from a series of runs with the ILLl-SLAB program, with 
the weight of the slab as the restraint. 
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TABLE4 THERMAL GRADIENT DURATION PERIODS 

Thermal Gradient 
L2'-iltlen B~t12n Th!~kD~U ~U~lHl e21IUv~ Hmtln Ze(g 

Carlyle 3432+06 7-1/2' Summer 86 28% 47% 25% 

Fall 86 10% 71% 19% 

Winter 86 5% 78% 17% 

Spring 87 46% 27% 27% 

Average 22% 56% 22% 

3218+68 9-1/2 ' Sun1ner 86 36% 57% 7% 

Fall 86 9% 84% 7% 

Winter 86 8% 67% 25% 

Spring 87 52% 40% 8% 

Average 26% 62% 12% 

Freeport 937+30 10" Summer 86 

Fall 86 12% 26% 62% 

Winter 86 18% 35% 47% 

Spring 87 25% 43% 32% 

Average 18% 35% 47% 

Overall Average 22% 51% 27% 

SUMMARY 

Instrumented pavement sections are a powerful tool for val
idating mathematical models used to predict the basic response 
of pavements. Throughout this paper the results, both mea
sured and calculated, have been given as strains. Strains are 
a basic pavement response that can be measured, as compared 
with stresses, which are fictitious values that can be calculated 
only if a value is assumed for the E of the material being 
tested. Measured strains are real physical properties and can 
be considered basic pavement responses. 

Results obtained from these tests indicate that the models 
used in the pavement analysis provide an accurate response 
of the pavement to both load and environmental conditions, 
provided the appropriate conditions are used in the analyses. 
Bonding of the slab to the subbase can, for example, have a 
significant impact on the results . For design, one can always 
assume the worst condition, and, if the other condition hap
pens, there is a greater factor of safety in the design. When 
evaluating the accuracy of the models, however, it is vital that 
one know the true condition of the pavement, or, as shown 
in the paper, some of the results will be different than is 
expected. 

Results from the instrumented pavements verify that cli
matic conditions have a profound effect on the behavior of 
PCC pavements. For jointed PCC pavements the combined 
curl and warping strains can be as large or larger than the 
anticipated load strains. 

For CRC pavements, the total changes from the temper
ature at which the slab was cast have a profound impact on 
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CURL STRAIN, micro strains 
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FIGURE 10 Comparison of measured and theoretical curl strains. 
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the strains in both the steel and the concrete. Thus, it appears 
that climatic conditions at the time of construction are major 
factors in the behavior and performance of CRC pavements. 

2. D . G . Zollinger and E . J. Barenberg. Comimwusly Reinfo raed 
Paveme111s: P1111 cllo11is a11d Other Distresse and !111p/icf//io11s for 
Design. ivil Engineering Studie , Transportation nginccring 
Series 59 , Illinois Cooperative Highway Research Program Serie 
227. University of Ill inois , Urbana- hampaign, March 1990. 
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Evaluation of the Subbase Drag Formula 
by Considering Realistic Subbase 
Friction Values 

MEHMET M. KuNT AND B. FRANK McCULLOUGH 

A modification of the reinforcement formula that considers the 
realistic frictional characteristics of subbase types is presented. 
The objective of this ·tu ly is not to abandon the current formula 
but to arrive at a bener formula, one that con iders the field 
observations. Rational reinforcement design is important because 
the amount of reinforcement affects the restraint on the move
ment of a pavement section, or slab, and the long-term perfor
mance. This swdy was the result of a need to revise the rein
forcement formula based on the subbase drag theory. The 
reinforcement formula was modified in accordance with the 
experimental results obtained concerning subbase frictional resis
l<lllC . The modification was neces riry to include the actual char
acteristics of sub base friction in the reinforcement design formula 
for both continuously and jointed reinforced concrete pavements. 
The new i rmula reflects the experimental re ulls concerning 
subbase friction. It represents the actual components of frictional 
resistance at the interface: adhesion, bearing, and shear. The 
implementation of information from this st udy will result in more 
raLional reinf rcement design. The formula calculates the stet:! 
requirement for the middle of the slab; in other words, the cal
culated value is the maximum requirement, and the locations 
between the free end and the middle of the slab will require less 
reinforcement. Further experimental study is necessary to cali
brate the new formula. 

In the revised 1985 AASHTO Guide for Design of Pavement 
Structures (1), the friction factor is used to develop a nom
ograph for estimating the required steel percentage for both 
continuously reinforced concrete pavement (CRCP) and jointed 
reinforced concrete pavement (JRCP) for transverse and lon
gitudinal reinforcement, respectively. As mentioned in this 
guide, this parameter corresponds to the coefficient of fric
tion. For various subbase materials, the recommended and 
currently used friction factor varies from 0.9, for natural 
subgrade, to 1.8, for stabilized subbases. With the use of this 
factor it is assumed that the amount of sub base frictional force 
is directly proportional to the weight of the slab. 

The first studies involving frictional resistance measurement 
started as early as 1924. The main objective of those exper
iments was to observe the relationship between the friction 
value and the subbase type. The observed values were obtained 
before the use of stabilized sub bases. According to the results 
of recent research performed at the Center for Transportation 
Research of The University of Texas at Austin (2,3), the 
frictional resistance is primarily a function of the subbase type 
and the magnitude of resistance is independent of slab thick-

Center for Transportation Research, The University of Texas at Aus
tin, Austin, Tex. 78705. 

ness. Thus, all the JRC pavements laid over cement-stabilized 
sub bases experienced excessive cracks, regardless of the thick
ness of the slab. 

OBJECTIVE 

The primary objective of this study was to demonstrate the 
limitations of subgrade drag theory by considering new data. 
The next objective was to rederive the subgrade drag equation 
to more precisely reflect the subbase frictional analysis observed 
in the field. New findings on frictional restraint at the interface 
of the slab and subbase required a revision of the subbase 
friction concept. A formula was developed for the design of 
both CRCP transverse reinforcement and JRCP longitudinal 
reinforcement (1). The derivation of the present formula is 
based on the classical friction concept. In other words, the 
resultant friction force is mainly a function of slab weight, not 
of the frictional characteristics of the sub base. In reality, the 
frictional resistance consists of three components: adhesion, 
bearing, and shear at the interface (2). For each subbase type, 
the relative effect of each component is different. That is why 
the failure plane for unbounded subbase occurs at the inter
face, whereas for bounded subbase, it occurs within the subbase. 

LIMIT A TIO NS OF THE CURRENT FORMULA 

The steel requirement is mainly dependent on the thickness 
of the slab, not the sub base type, because the assumed friction 
factors are more or less the same for various subbase types. 
This is one of the limitations of the current reinforcement 
formula that was observed when it was compared with the 
results of a previous study (2). From experience it can be 
concluded that there is a significant difference in applied fric
tional resistance among the various subbase types. A slab on 
a cement-stabilized subbase experiences more cracks than one 
on an asphalt-stabilized subbase. 

DERIVATION 

The derivation of the reinforcement formula is the result of 
equating the force in steel at the middle of the slab, assuming 
that a crack has formed at that location, to the developed 
frictional force . Although the current formula is based on the 
same equilibrium, it lacks the representation of the actual 
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subbase frictional characteristics. Among the subbase types, 
only untreated clay fits the classical friction pattern. The pur
pose of this paper is to explain the reason for the modification 
of the nomograph (and the formula of the nomograph) by 
using the recent findings reported elsewhere (2,3). 

The current formula is 

Lµ 
P sold = 2f, X 100 (1) 

where 

P,01d percent steel required by using the old formula, 
µ = friction factor, 
L = length of the slab (ft), and 
fs = maximum allowable stress of steel (psi). 

The derivation of this formula is given later, but a modi
fication is necessary, because the subbase is the major param
eter for the resulting frictional resistance. The current approach 
in the AASHTO guide assumes that the magnitude of fric
tional resistance is independent of the subbase type. 

The friction factor values for certain subbase materials are 
included in Table 1. Table 1 also shows the push-off test results 
for the same subbase types from Project 459 (2,3). 

The equilibrium condition of the slab after the first crack 
formation (approximately L/2 from the free end) is illustrated 
in Figure 1. The resultant friction force should be balanced 
with the load in steel. The equilibrium is formed as 

where 

P = force carried by the steel for a unit width of slab (lb) 
and 

PF = frictional force applied to the unit width of slab (lb). 

The frictional force, simply, equals the contact area of one
half of the slab times the frictional resistance: 

where 

TF = frictional resistance (psi) and 
B = width of the pavement (ft). 

TABLE 1 SUB BASE FRICTION VALUES 

Subba'e Type 

Cement-Treated granular base 

Flexible Subbase 

Asphalt-stabilized granular base 

Lime-treated clay 

Untreated clay 

µ-Value from 

Guide 

1.8 

1.5 

1.8 

1.8 

0.9 

•Based on I st cycle of push-off tests 

µ-Value' Fricliu11al 

Measured Resistance (psi) 

52.3 15.40 

5.0 3.37 

3.8 2.20 

2.9 1.70 

1.9 1.10 
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Converting the units of L and B from feet to inches, to be 
compatible with the rest of the equation, results in 

where 

P = the load of the longitudinal steel (lb), 
TF = the frictional resistance (psi) , 
L = length of the slab (ft), and 
B = width of the slab (ft) . 

We know that 

P = AJs 

where 

A s area of the longitudinal steel (in. 2) and 

(2) 

(3) 

ls maximum allowable stress of the longitudinal steel 
(psi). 

By definition , percent of steel is the ratio of steel area to 
the concrete area, i.e ., 

As O P = - X lO 
s Ac (4) 

or 

A = P, A c 
' lOO 

Since 

A c= 12 DB 

then 

A = 12 PS on 
s 100 (5) 

If Equation 5 is inserted into Equation 3 and Equation 3 
is equated to Equation 2, the following equation is obtained: 

144 L T F B 

2 

f-:- U2 4 
I ~: , , .j--+ Ps 
~~..-..--

PF 

FIGURE I Equilibrium of 
forces after the first crack 
occurs. 

(6) 
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where 
Psnew = percent steel required by using the new formula. 
Rewriting Equation 6 in terms of Psnew> 

p = 7200 L -rr B 
snew 12 D Bfs 

version, the Psnew formula becomes 

(7) 

RESULTS 
The width of the slab (B) is assumed to be the unit width, 

and it is automatically dropped from the formula. All the 
dimensions were converted to pound-inch units. After con-

Psnew and Psald for various subbase materials are compared in 
Figures 2 and 3. The data for these plots are given in Table 

0.5 
Flexible 
Subbase 
Psnew 

0.4 
Asphalt-
Stabilized 
Psnew 

0.3 
Lime-
Treated 
Psnew 

.-. 0.2 ~ 0 

Untreated ._.(/) 

a. 
Clay,Psne 

0.1 

Untreated 
Clay,Psold 

0.0 
4 6 a 10 12 

Thickness of the Slab, In. 

14 

Lime
Treated and 
Asphalt
Stabilized 
Psold 

Flexible 
Subbase 
Psold 

16 

FIGURE 2 Steel percentage requirement of four different subbase materials, by using Pmew and Psold· 

3.0 

2.5 

2.0 

New Formula 
1.5 

1.0 

0.5 AASHTO Guide Formula 

Thickness of the slab, In. 

FIGURE 3 Steel percentage requirement of cement-treated base, by using Psnew and 
Pso1d· 



Kuni and McCullough 81 

TABLE 2 DATA SHEET FOR P,ncw VERSUS P,"'" (f, = 65,000 PSI) 

Length Psolda Psnew % 

Subbase Type of Slab µ ~ Dequiv (%) 1):6 D=8 D=lO D=12 D=14 

Untreated 25 0.90 1.10 14.70 0.020 0.060 0.046 0.036 0.030 0.026 

Clay 60 0.060 0.145 0.112 0.088 0.073 0.063 

80 0.080 0.194 0.150 0.117 0.097 0.084 

JOO 0.100 0.242 0.187 0.146 0.121 0.104 

Asphalt- 25 1.80 2.20 14.70 0.050 0.121 0.094 0.073 0.060 0.052 

Stabilized 60 0.119 0.290 0.224 0.176 0.146 0.125 

80 0.158 0.387 0.299 0.234 0.194 0.167 

100 0.198 0.484 0.374 0.293 0.242 0.209 

Flexible 25 1.50 3.37 26.96 0.041 0.185 0.143 0.112 0.093 0.080 

Subbase 60 0.099 0.445 0.344 0.269 0.222 0.192 

80 0.132 0.593 0.458 0.358 0.296 0.256 

100 0.165 0.741 0.573' 0.448 0.371 0.320 

Lime- 25 1.80 1.72 11.50 0.050 0.095 0.073 0.057 0.047 0.041 

Treated 60 0.120 0 ,227 0.175 0.140 0.113 0.098 

80 0.160 0.307 0.234 0.183 0.151 0.131 

100 0.198 0.378 0.292 0.229 0.189 0.163 

Cement- 25 1.80 15.35 102.30 0.050 0.844 0.652 0.510 0.422 0.364 

Stabilized 60 0.119 2.026 1.566 1.225 1.013 0.875 

80 0.158 2.702 2.087 1.633 1.350 1.167 

100 0.198 3.377 2.610 2.041 1.688 1.458 

8 Percent reinforcement predicted by using the old formula. 

2. As can be observed, P snew is higher than P , 01d for all the 
materials (for all the thicknesses), except for the slab on lime
treated base (L TB). For slab on LTB, P,01d becomes higher 
than P snew if the slab thickness is 12 in. or higher. The old 
formula does not vary with thickness, whereas the new one 
does (Figure 4). 

DISCUSSION OF RESULTS 

As can be observed in Figures 2 and 3, P,0 1d becomes larger 
than P snew when the thickness is greater than a certain value. 
A close examination of the steel percentage formula is nec
essary to see whether the old and new reinforcement formula 
can be combined. 

Assume that we have a certain kind of subbase with a given 
frictional characteristic (i.e., that,. and µ.are known). Then 
let us equate Equation 1 to Equation 7: 

(8) 

If we use the right-hand sides of both of the equations, Equa
tion 8 becomes 

(9) 

Rewriting Equation 9 in terms of D , and calling the thickness 
D eq uiv> gives 

(10) 

which creates an equation f r e<ilculating the equivalent thick
ness. Any thickness le. s than D.,1.," the thicknes cal.culated 
from Equatton 10 for the given ubba e type will creat a 
higher P,,,c,,,., whereas greater rhickue.sse will create the oppo
. ite ca ·e P .,,,d > P,00.,.,. a illustrated in Figures 2 and 3. 

rn the derivation Of the llCW t el percentage formula, fric
tional resi tance wa as urned t be constant throughout the 
length of the slab. The maximum frictional re ·i ·tanc occur 
at the free end of the slab and then gradually decreases to 
zero at the center of the sl11h. Tn other words, assuming the 
maximum friction for the complete length of the slab will 
result in higher reinforcement value . Therefore , in reality, 
the representative frictional resistance should be le s than that 
used in the derivation. However this requires an exten ive 
use of the computer program for both mate rial and environ
mental conditions. If an average frictional resistance, calc.:u
Iated by using the computer program, is used in the formula, 
it will be ari able even f r the same ubbase type. This is 
mainly because of the dep ndency of frictional re i rnnce on 
the slab movement. Therefore, the use of the above assump-
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FIGURE 4 Combination of AASHTO P, formula with the new P, formula. 
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tion is accepted as long as the formula is used as a guideline 
for the reinforcement design. Another important point is the 
high steel percentage requirement of the slab laid on cement
stabilized subbase (Figure 5). A solution to this problem is 
to use a bond breaker, which is, in fact, the asphalt-stabilized 
subbase illustrated in Figure 4. The use of a bond breaker 
will lower the steel percentage requirement considerably. 

CONCLUSIONS 

1. Previous subgrade drag theory is incorrect, because, 
instead of representing the frictional characteristics of the 
subbase, the friction factor, which resulted in a friction force , 
is merely a function of the slab thickness . 

2. The rederived formula represents much better than the 
previous formula the actual frictional resistance of a range of 
available subbase types. 

3. The use of the new formula yields an approximate result. 
The variation of friction along the slab length requires use of 
a program for calculating the friction force and, in turn, 
increasing the accuracy of the required steel percentage. 

4. The P snew formula is inadequate for D for thicknesses 
larger than Dequiv· The equivalent thickness is a function of 
the friction coefficient and the frictional resistance. 

RECOMMEND A TIO NS 

1. An interactive algorithm should be developed (like the 
one in the JRCP computer program) to calculate the actual 
frictional resistance corresponding to the slab movement . The 
current formula will be used until the interactive program is 
available. 
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2. The use of the P sne w formula yields higher tensile stresses 
in concrete because of the amount of restraint to relative 
movement, for D < D equiv > so the use of Psnew will increase 
the number of cracks. This development requires further study 
to observe the effect on long-term pavement performance. 

3. The combined P , 0 1d and Psnew (Figures 4 and 5) for various 
thicknesses will not be a good substitute for the AASHTO 
Guide equation (Equation 1). Especially for cement stabilized 
subbases, it is not economically feasible to use up to 2 percent 
steel reinforcement to keep the cracks tighter. The high expense 
can be avoided by using a bond breaker to lower the subbase 
frictional resistance to a reasonable value. 

4. A reasonable frictional resistance value, one that is lower 
than the maximum one, should be selected for the subbase 
type under consideration. In other words, the magnitude of 
frictional resistance is a function of slab movement. It varies 
from maximum at the free end to zero at the middle of the 
slab. Therefore, the maximum frictional resistance used in 
the formula is always higher than it should be. 
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Field Performance and Evaluation of Thin 
Bonded Overlays 

DAVID G. PESHKIN AND AMYL. MUELLER 

Bonded concrete overlays of jointed concrete pavements cur
rently are not used widely for pavement rehabilitation. As part 
of a major FHWA research project, between 1987 and 1988 an 
extensive performance evaluation of 16 different bonded overlay 
designs at 10 locations in 6 states was carried out. The projects 
were located in three different environmental zones and involved 
a variety of low- to high-volume pavements. The overlays ranged 
in age from 3 to 11 years at the time of the surveys. The field 
performance surveys consisted of the following elements: a com
prehensive field survey to identify, measure, and map pavement 
surface distresses; a debonding survey; the measurement of 
roughness and a panel present serviceability rating; deflection 
testing with a falling weight deflectometer; and a materials testing 
and sampling program. Historical traffic data were collected to 
estimate the accumulated 18-kip equivalent single axle loads 
(ESALs) on the pavement before and after the overlay was placed. 
Environmental data were also collected to describe the nature of 
the environmental forces to which the various sections were sub
jected. Previous research projects or state reports were reviewed 
to characterize the construction conditions and the preoverlay 
condition of the pavements. The results of the field survey are 
presented for each pavement section based on all of the major 
measured parameters. Overall, it was found that bonded concrete 
overlays showed mixed success. Some of the projects appeared 
to be nearing failure, based on the accumulation of surficial dis
tresses and the apparent widespread debonding that was observed. 
In general, it was found that debonding was a cause for concern 
on many of the projects. 

Portland cement concrete (PCC) pavements constitute a large 
percentage of pavements that are designed to carry high vol
umes of heavy traffic. When designed, constructed, and main
tained properly, PCC pavements can be expected to provide 
a long service life. Many factors, however, contribute to the 
accelerated deterioration of pavements, including construc
tion deficiencies, design loadings in excess of those forecasted, 
materials problems, and unanticipated changes in traffic pat
terns. It is not surprising, therefore, that there exists a good 
deal of interest in the rehabilitation of PCC pavements. Of 
the major rehabilitation approaches-resurfacing, recycling, 
restoration, and reconstruction-resurfacing (or overlays) is 
one of the most commonly performed methods of restoring 
rideability and improving structural capacity. 

The most frequently constructed type of overlay is made 
of asphalt concrete (AC). An AC overlay can be placed fairly 
rapidly, at a very competitive cost, and with little shutdown 
time of the facility. However, there are two major problems 
associated with AC overlays: reflection cracking and rutting. 
These problems contribute to a shorter service life than is 
desired in many cases for a rehabilitation strategy on high-

ERES Consultants, Inc., 1401 Regency Dr. East, Savoy, Ill. 61874. 

volume, heavily loaded pavements. Also, a fairly thick AC 
overlay is required to improve the structural capacity of the 
pavement. 

An intriguing alternative to the construction of an AC over
lay is the use of PCC as an overlay material. A bonded PCC 
overlay holds the promise of an extended service life, increased 
structural capacity, and lower life cycle costs, compared with 
other overlay techniques. Although the initial cost of a bonded 
PCC overlay may be higher than those of an AC overlay, the 
benefit of longer life and reduced maintenance costs suggest 
that bonded overlays can be a viable resurfacing alternative. 

The research presented in this report was performed as part 
of the second phase of a two-phase study for the FHW A, 
entitled Performance/Rehabilitation of Rigid Pavements. Phase 
I of this project is devoted to a performance evaluation of 
selected PCC pavements, with the goal of improving the inputs 
to new pavement design. The second phase of the project 
examines the rehabilitation of jointed concrete pavements. 
One of the goals of Phase II is to evaluate the performance 
of selected projects, including previously reviewed projects, 
perform additional testing and/or analysis to verify and/or 
improve recommended design and construction procedures, 
and to develop improved design and construction procedures 
for this technique. The evaluation and performance of the 
bonded overlay projects selected for this study are presented 
in this paper. 

Bonded overlays currently are not widely used for pave
ment rehabilitation, except in Iowa, so there are not many 
candidate sections available for study. A total of 16 different 
bonded overlay designs at 10 locations in 6 states (covering 
3 climatic zones) were evaluated for this project during sur
veys conducted between 1987 and 1988. All of the overlay 
projects were constructed since 1976; the age of the original 
pavement varied considerably. An attempt was made to include 
sections on interstates or pavements subjected to heavy traffic. 
Most of the sections that are discussed here are also included 
in an earlier rehabilitation study performed for the FHW A 
and in other summary evaluations performed by the FHW A 
(1,2). The data from the 1985-1986 FHWA surveys, where 
available, are presented for comparison with the more recent 
data. Table 1 presents the pavement sections that were included 
in this study. 

DATA COLLECTION 

Field surveys were conducted by using procedures similar to 
those in use for the Strategic Highway Research Program 
(SHRP) Long-Term Pavement Performance (LTPP) project. 
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TABLE 1 BONDED OVERLAY SECTIONS INCLUDED IN STUDY 

Original Overlay 
Construction Construction 

Project Route Location Date Date 

NY 6 I-81 Syracuse, NY 1957 1981 
IA 1 I-80 Grinnell, IA 1964 1984 
IA 2 I-80 Avoca, IA 1966 1979 
IA 3 c 17 Clayton County, IA 1968 1977 
IA 4 SR 12 Sioux City, IA 1954 1978 
IA 5 us 20 Waterloo," IA 1958 1976 
CA 13 1-80 Truckee, CA 1964 1984 
SD 1 SR 38A Sioux Falls, SD 1950 1985 
WY1 I-25 Douglas, WY 1969 1983 
LA 1 us 61 Baton Rouge, LA 1959 1981 

A detailed distress survey was performed using L TPP guide
lines. Debonding, a failure mode of major concern with this 
rehabilitation method, was estimated using a combination of 
"sounding" the pavement and limited coring. For the sound
ing, the survey crew consisted of two people, one to tap the 
pavement using a 4-lb hammer, and the other to record whether 
the sound represented a bonded or de bonded layer. A de bonded 
area was said to be present if the pavement gave off a hollow 
sound, or one of "low frequency." When a debonded area 
was located, its extent was identified by pounding with the 
hammer and establishing a contour of the debonded area on 
the pavement surface. It must be stressed that the debonding 
estimated for these sections is the result of limited testing 
using a partially subjective technique. To accurately charac
terize the extent of debonding it would be necessary to survey 
a larger area of the project with a laboratory-tested method. 

Pavement 'surface roughness was collected for all of the 
sections with the aid of a Mays Ride Meter. The survey crew 
also gave a subjective rating of the rideability of each pave
ment section, in the form of an average present serviceability 
rating (PSR). The roughness and PSR data that are presented 
here represent a very small sample size, and no clear rela
tionship exists between the two values. Deflection testing was 
performed with the use of a Dynatest Model 8002 falling 
weight deflectometer (FWD). 

Coring and boring were performed at each project location. 
The retrieved cores were subjected to a visual inspection and 
a verification of thickness. The bond between the overlay and 
the existing pavement was tested by applying a shearing force 
on the monolithic core using a specially constructed apparatus 
and a compression testing device. Data compiled by the states 
and submitted to FHW A on truck types and axle load distribu
tions (W-4 tables) were used to calculate truck factors by state 
and to calculate the number of 18-kip equivalent single axle 
loads (ESALs) applied to each section. This information was 
used to estimate the number of ESALs carried by the pave
ment before the overlay construction and the number of ESALs 
that had been applied since placement of the overlay. 

INTERSTATE 81-SYRACUSE, N.Y. (NY 6) 

The first project location was on I-81, near Syracuse, N.Y. 
The original pavement was constructed in 1957 as a 9-in. 
doweled, jointed reinforced concrete pavement (JRCP) with 

43-ft joint spacing, placed on a 12-in. aggregate base. The 
originar JRCP pavement displayed extensive longitudinal and 
transverse crack deterioration. This deterioration most likely 
was a result of the use in the original concrete of coarse 
aggregate susceptible to freeze-thaw deterioration. Freeze
thaw cycling caused pop-outs in the pavement surface and 
disintegration beneath the surface similar to D-cracking. The 
areas that showed the most deterioration were those surface 
areas exposed to water and areas in which water could be 
held and trapped, such as the pavement edges and joint faces. 
Many of the deteriorated areas had been repaired with asphalt 
patches. 

Pavement blowups had occurred during the life of this pave
ment. In 1972, doweled, full-depth repairs were placed at as 
many transverse joints as funding permitted. In 1980, many 
of these repairs were showing deterioration also. Slab cracking 
was also present on this section, particularly over existing 
culverts. Before placement of the bonded overlay in 1981, it 
is estimated that the outer lane of this pavement had sustained 
3,350,000 18-kip ESAL applications, the middle lane, 1,260,000 
ESAL applications, and the inner lane, 350,000 ESAT, <ippli
cations. 

Overlay 

In 1981, a 3-in. bonded PCC overlay was constructed follow
ing extensive surface preparation. The deteriorated concrete 
(at almost all of the transverse joints) was milled to a depth 
of 3 in. The milling generally extended about 2 ft on either 
side of the joint. About 90 percent of the length of the lon
gitudinal joints required the same milling. These depressed 
areas were paved over at the same time as the overlay was 
placed. Pressure relief joints were placed at blowup locations 
and at either end of northbound and southbound mainline 
structures over NY-31. Wire mesh was placed over areas of 
existing cracking where it was felt that the existing mesh was 
no longer functioning. The surface of the rest of the pavement 
was milled to a depth between 0.25 and 0.50 in. The pavement 
was then sandblasted to remove any remaining loose material 
or contaminants. A cement-sand grout spread by hand and 
broomed onto the pavement was placed shortly ahead of the 
paver. Temperatures at the time of placement ranged from 
about 50°F to nearly 90°F. 
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TABLE 2 INTERSTATE 81 (SYRACUSE, N.Y.) PERFORMANCE 
DATA 

1985 FIELD SURVEY 

FHWA 1987 
SURVEY 

Averar:ie PSR 
Mays Roughness, IN/Ml 
Transverse Faulting, IN 

Transverse Cracks/Ml L 
M 
H 

Long. Crk., LIN FT/Ml L 
M 
H 

% Joints Spalled 
ESAL's on Overlay (millions) 

% Joint Corners Debonded 
% Area of Wheelpath 

Debonded 
% Total Area Debonded 

Immediately after paving, the plastic concrete was scored 
with a straight edge and an edging tool directly over the trans
verse joints, using previously marked guide locations. Within 
5 to 6 hours after placement of the concrete overlay, the 
transverse joints were sawed to a depth of 5 in . This depth 
compensated for the additional thickness of the overlay at the 
transverse joints from the additional milling performed there. 
The longitudinal joint between lanes was sawed to a depth of 
2 in. The transverse joints were sealed with a preformed 
compression sealant. 

Performance of the Overlay 

Since construction of the overlay in 1981, this pavement has 
experienced 2,360,000 ESALs in the outer Jane-over 70 
percent of the total estimated traffic carried on the original 
pavement from 1957 through 1981. As an examination of 
Table 2 shows, there is some cracking and faulting present. 
There is more transverse cracking in the second lane. The 
ride is fairly rough, indicating that some problems are devel
oping. Almost all of the corners tested showed debonding. 
The average size of the debonded area at each corner was 
about 2 ft2 • 

A center slab core showed that the PCC overlay appeared 
to be completely bonded to the existing slab. A core was also 
retrieved from a slab corner. Good bond existed between the 
overlay and the original slab, but the core was not recovered 
in one piece, having disintegrated from the level of the original 
slab reinforcement and below. 

The overall performance of this section, surveyed 6 years 
after construction, is not very good. It is very likely that there 
was too much deterioration present on the original pavement 
to warrant the construction of a bonded overlay. 

OUTER OUTER LANE LANE 

LANE 
NIA 
N/A 
0.05 
231 

5 
0 
0 
0 
0 
0 

1.10 

95 

0 
3 

LANE #2 #3 
3.2 NIA NIA 
135 NIA NIA 
0.07 NIA 0.11 
152 300 76 
20 5 0 
0 0 0 
20 0 0 
0 0 0 
0 0 0 
0 0 0 

2.36 1.01 0.26 

INTERSTATE SO-GRINNELL, IOWA (IA 1) 

The next project location was on I-80 in central Iowa, near 
Grinnell. The original pavement was constructed in 1964 as 
a 10-in. doweled JRCP on a 4-in. aggregate base . The trans
verse joint spacing was 76.5 ft. Before construction of the 
overlay, it is estimated that the outer lane had sustained 
11,800,000 ESALs and the inner lane, 2,230,000 ESALs. 

Overlay 

In 1984, a 4-in.-thick, bonded concrete overlay was con
structed on this pavement. By then, the original pavement 
exhibited extensive distress: there were 110 broken interior 
corners noted in the construction plans. Before construction 
of the overlay, however, extensive full-depth repairs were 
placed; 458 areas were noted as being already in place and 
the construction of an additional 260 patches was required, 
again according to the plans. Epoxy-coated tie bars were placed 
on chairs above full-depth concrete repair joints that did not 
constitute a pavement joint before placement of the overlay. 
Longitudinal subdrains with transverse outlets were added to 
the project. At areas of broken interior corners, a depressed 
area of 4 in. was to be created by milling. 

The initial surface preparation consisted of milling to a 
depth of 0.25 in., except at the locations where 4 in. was 
specified. The final preparation of the surface consisted of 
sandblasting. A cement-water grout was sprayed on the cleaned 
surface just before the application of the overlay. The trans
verse joints were sawed the full depth of the overlay and 
sealed with joint sealant material and backer rope. Joints at 
full depth patches were not sawed. The longitudinal joint was 
sawed to a depth of 1.5 in. 



Peshkin and Mueller 

TABLE 3 INTERSTATE 80 (GRINNELL, IOWA) 
PERFORMANCE DATA 

1985 FIELD SURVEY 

FHWA 1988 
SURVEY 

OUTER OUTER LANE 

LANE LANE #2 
Average PSR NIA 4.2 4.2 

Mays Roughness, IN/Ml N/A 69 44 
Transverse Faultinq, IN 0.05 0.02 NIA 

Transverse Cracks/Ml L 222 210 225 
M 11 o· 0 
H 0 0 0 

Lonq . Crk., LIN FT/Ml L 21 0 0 
M 0 0 0 
H 0 0 0 

% Joints Spalled 0 4.8 6.7 
ESAL's on Overlay (minions) 1.87 6.31 1.41 

• Several cracks were sealed and counted as low severity 

% Joint Corners Debonded 22.2 
% Debonded Crack Corners 27.1 

% Area of Wheelpath 
Debonded 0 

% Total Area Debonded 5.8 

Performance of the Pavement Section 

The results of the field survey from this section are found in 
Table 3. Table 3 shows that after 4 years of service and 6,310,000 
ESALs, the pavement was still performing satisfactorily. The 
amount of traffic carried by the overlay in 4 years was over 
50 percent of the total traffic carried by the original pavement 
in 20 years. Bonding survey results are also summarized. 
Debonding was occurring at both joints and cracks, although 
none was noted in the wheelpaths. 

Cores were retrieved from the pavement at a center slab 
and corner location. The center slab core was in excellent 
condition, with no distresses noted. The core from the corner, 
however, was not recovered intact. Extensive horizontal 
cracking passed through the aggregate and the mortar, start
ing about 3 in. below the surface of the original slab. Several 
inches of the bottom of the core were disintegrated. The bond 
shear strength between the concrete layers, as measured at 
the corner, was 714 psi. A value of 200 psi is considered the 
minimum necessary for good performance. 

After 3 years of heavy traffic, the only distresses noted were 
transverse cracking and some joint spalling. A comparison 
between the results of a 1985 survey and those of the 1988 
survey showed no indication of progressive deterioration. 
However, many of the transverse cracks were of medium 
severity when surveyed in 1985. These cracks were routed 
and sealed in 1986, thereby reducing further deterioration of 
the cracks. The estimated amount of debonding suggests that 
further deterioration of this section may occur. 

INTERSTATE 80-AVOCA, IOWA (IA 2) 

The next project was located in west central Iowa, on I-80 
near Avoca. The original pavement, constructed in 1966, con-
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sisted of a short section of 10-in. doweled JRCP on a 4-in. 
aggregate subbase, with 76.5 ft transverse joint spacing. It 
exhibited D-cracking at the transverse and longitudinal joints 
before construction of the overlay. This probably consisted 
of low to medium severity D-cracking at most of the joints. 
Before construction of the overlay, it is estimated that the 
pavement had sustained 5,410,000 ESALs in the outer Jane 
and 810,000 ESALs in the inner Jane. 

Overlay 

In 1979 a 3-in. bonded overlay was constructed on this pave
ment. Approximately 400 yd2 of partial depth repairs and 153 
yd2 of full-depth repairs were specified for severely deterio
rated areas before placement of the overlay. The continuity 
of the steel was not maintained in these patches. Pressure 
relief joints were constructed on an average of every 800 ft. 
These joints were sawed in the overlay approximately 4 in. 
wide within 24 hours and sealed with a preformed urethane 
foam. 

The pavement was milled to a depth of 0.25 in. before 
resurfacing. In areas where there was deteriorated D-cracked 
pavement the milling extended to a depth of 1 in. Final surface 
preparation consisted of sandblasting and airblasting. Before 
placement of the overlay, longitudinal edge drains were 
installed. Transverse outlets were placed at 1,000-ft intervals. 
The grout used to bond the overlay consisted of a cement and 
sand mixture. No longitudinal joint was sawed, but the trans
verse joint was sawed the full depth of the overlay. 

Performance of the Pavement Section 

Results of the distress survey are found in Table 4. The table 
shows some deterioration, with 0.1 in. of faulting and dete-

TABLE 4 INTERSTATE 80 (AVOCA, IOWA) 
PERFORMANCE DATA 

1985 FIELD SURVEY 

FHWA 1988 
SURVEY 

OUTER OUTER LANE 

LANE LANE #2 
Average PSR NIA NIA 3.7 

Mays Roughness, IN/Ml NIA NIA 173 
Transverse Faulting, IN O.Oq 0.1 NIA 

Transverse Cracks/Ml L 164 211 162 
M 26 5• 0 
H 0 0 0 

Long. Crk., LIN FT/Ml L 53 0 0 
M 0 5280·· 0 
H 0 0 0 

% Joints Spalled 0 25 23.1 
ESAL's on Overlay (millions) 4.82 7.93 1.39 

' Centerline joinl' not sawed. 

" Sealing may have changed M. sev. cracks to L. sev. 

% Joint Corners Debonded 30 
% Debonded Crack Corners 11.4 

% Area of Wheelpath 
Debonded 0 

% Total Area Debonded 1.7 
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riorated transverse cracks in the outer lane. There was also 
a large amount of transverse joint spalling present. Apparent 
debonding was present at both joint and crack corners, although 
it was more prevalent at joint corners. At the time of the 
survey, the overlay had carried approximately 7. 9 million 
ESALs in the outer lane and 1.4 million ESALs in the inner 
lane, which is approximately 50 percent more than the original 
pavement had carried. 

The center slab core was in good condition with no dis
tresses noted. The core retrieved from the slab corner showed 
good bonding, but the original slab was totally deteriorated, 
with extensive cracking and disintegration. The slab appeared 
to have had a bituminous subsealing, because asphaltic mate
rial had infiltrated cracks at the bottom of the slab. The shear 
test performed on the center slab core showed a bond of 
756 psi. 

This bonded overlay has performed fairly well in light of 
the loads it has carried. It was placed over a pavement that 
probably showed distress at every transverse joint. Although 
the overlay does not exhibit D-cracking at the joints, there 
were a large number of spalled joints and transverse cracks. 
Deteriorated cracks and transverse joints are showing signs 
of debonding. 

COUNTY ROUTE C-17-CLAYTON COUNTY, 
IOWA (IA 3) 

Another experimental project was located in east central Iowa, 
near the Mississippi River. The original pavement, con
structed in 1968, was a two-lane, 22-ft-wide and 6-in.-thick 
JPCP, with 40-ft joint spacing. It was constructed on a gran
ular surfaced, secondary roadway that had been shaped to 
the required cross-section. The existing pavement had expe
rienced 350,000 ESALs in the eastbound direction and 150,000 
ESALs in the westbound direction before placement of the 
overlay. 
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Overlay 

The original pavement was badly cracked, and numerous 
patches were placed before construction of the overlay. Also, 
the sections that were thicker and reinforced were constructed 
over areas of the pavement that were more severely deteri
orated, thus skewing the performance results somewhat. A 
total of seven different sections, designated IA 3-1 through 
3-7, were evaluated. These included variations in the follow
ing: overlay thickness; surface preparation; concrete water 
reducing admixtures; reinforcement; and sawing of joints. 
The full range of variables in this 1.3-mi-long project is described 
in previously published reports (1,3). 

The grout used was a mix of cement and sand and was 
spread using brooms and squeegees. The overlay was rein
forced with No. 4 reinforcing bars placed on 30-in. centers in 
3-, 4-, and 5-in.-thick sections. Transverse joints were marked 
with nails and resawed following paving. These were cut to 
a depth of 1.5 in., with the exception of the 2-in.-thick slab, 
which had a 1-in. sawcut. A longitudinal joint was sawed only 
on 300 ft of the project, as an experimental feature. 

Performance of the Pavement Sections 

The field survey results are presented in Table 5. This 10-
year-old project displayed significant distress over most of its 
length. It is estimated that at the time of the field survey, the 
eastbound lane had experienced 1.0 million ESALs and the 
westbound lane had experienced 0.4 million ESALs. The results 
of the bonding survey are also shown in Table 5. Debonding 
appeared to be widespread on all of the sections, especially 
at cracks, but also at most of the transverse joints. The section 
with the least overall debonding was the 2-in. overlay. The 
3-in. and 5-in. overlays had the most dehonding. 

Pavement cores were retrieved from five sections. All of 
these cores showed the pavement to be in good condition, 

TABLE 5 COUNTY ROAD 17 (CLAYTON COUNTY, IOWA) PERFORMANCE DATA 

3 - 1 3-2 3-3 3-4 3-5 3-6 3-7 
3 in OL 5 in OL 4in OL 

3 in OL Sandblast 5in OL Milled 4 in OL Milled 2 in OL 
Sandblast Reinforced Milled Reinforced Sandblast Reinforced Sandblast 
EB WB EB WB EB WB EB WB EB WB EB WB EB WB 

Transverse Faulting, IN 0.07 NIA 0.08 NIA 0.16 NIA 0.11 NIA 0.17 NIA 0.11 NIA 0.06 NIA 
Transverse Cracks/Ml L 14 14 0 0 132 0 0 66 0 0 0 0 16 4 

M 284 185 264 106 330 132 330 132 236 177 462 396 20 24 
H 14 28 0 0 0 0 66 66 15 0 264 0 0 0 

Long. Crk., LIN FT/Ml L 0 0 634 0 0 0 0 0 0 0 0 0 63 0 
M 5834 0 49p3 0 10098 5280 9834 2574 7065 1755 7920 4554 246 214 
H 114 0 0 0 462 0 0 0 15 15 660 0 0 0 

% Joints Spalled 66.7 22.2 0 0 0 33.3 0 33.3 54.6 27.3 33.3 0 44.5 27.8 
ESAL's on Overlay (millions) 1.03 0.44 1.03 0.44 1.03 0.44 1.03 0.44 1.03 0.44 1.03 0.44 1.03 0.44 

% Joint Corners Debonded 100 50 100 NIA 77.8 N/A 92.9 
% Crack Corners Debonded 100 100 100 NIA 100 NIA 91.7 

% Area of Wheelpath 
Debonded 0 0 0 NIA 0 NIA 0 

% Total Area Debonded 69.6 72.3 77.9 NIA 46.5 NIA 26.2 
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with no visible deterioration. The average shear strengths 
obtained from tests run on corner cores ranged from 310 psi 
to 586 psi. 

This is the only project that allows for a comparison between 
some of the various design variables that influence the perfor
mance of a bonded overlay. For example, Table 5 shows that 
a comparison of sections 3-1 and 3-2 should show the effects 
of reinforcement, as should a comparison of sections 3-3 and 
3-4. Section 3-1, 3-5, and 3-7 can be used to examine the 
effects of the overlay thickness on performance. However, 
these apparent effects are confounded by other variables, 
particularly cracking of the original pavement before the over
lay was constructed. Also, it should be noted that sections 3-
2, 3-3, 3-4, and 3-6 were short and that the presentation of 
the observed distresses on a per mile basis has most likely 
skewed the results; sections 3-1 and 3-7 were much longer. 
Finally, this pavement receives much more heavy truck traffic 
in the eastbound lane than in the westbound lane. In general, 
the distresses were considerably less severe in the westbound 
lane. 

STATE ROUTE 12-SIOUX CITY, IOWA (IA 4) 

A bonded overlay project was constructed in the western part 
of Iowa, on State Route 12 (SR-12) in Sioux City. The original 
pavement, constructed in 1954, consisted of a 9-in. nondow
eled JPCP, with a 20-ft transverse joint spacing. The pavement 
had sustained approximately 1,660,000 ESALs in the outer 
lane and 180,000 ESALs in the inner lane before placement 
of the overlay. 

Overlay 

In 1978, a 3-in. bonded concrete overlay was constructed on 
this pavement. The surface preparation consisted of removal 
of an old AC overlay, followed by milling. Partial depth repairs 
were also carried out before placement of the overlay. These 
consisted of milling the pavement at deteriorated areas until 
sound concrete was reached. A cement-sand grout in a 1:1 
ratio was used to bond the overlay to the existing pavement. 
The joints were sawed directly over existing joints. The trans
verse joints were sawed through the overlay, and the longi
tudinal joints were sawed to a depth of 1 in . Because the 
existing joints were not well aligned, it was sometimes difficult 
to follow the underlying joint pattern. 

Performance of the Pavement Section 

The distresses noted during the field survey are shown in 
Table 6. These distresses are representative of a pavement in 
fairly good condition, although there is a large amount of 
longitudinal cracking. The distresses in the inner lane are 
higher than those in the outer lane. It was estimated that at 
the time of the survey the outer lane had sustained 1.3 million 
ESALs and the inner lane had sustained 0.2 million ESALs. 
This is about the same amount of traffic carried by the original 
pavement before construction of the overlay. Results from 
the debonding survey are also presented. Debonding had begun 
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to develop along cracks and joints , and 5.5 percent of the 
total slab area showed signs of de bonding, which may be cause 
for future concern. These data indicate a progressive dete
rioration of the overlay, especially in the amount of medium 
to high severity cracks and faulting. 

Cores were retrieved from both center slab and slab corner 
locations. These cores both were in excellent condition, with 
no noticeable deterioration. Shear tests performed on the 
corner core indicated a bond of 537 psi. 

This 10-year-old overlay project is performing well. The 
excessive longitudinal cracking may be caused by the insuf
ficient depth of cut of the longitudinal joint. 

US-20-W ATERLOO, IOWA (IA S) 

Another bonded concrete overlay section is located in east 
central' Iowa on US-20. The original pavement was con
structed in 1958. The pavement consisted of 10 in. of non
doweled JPCP on an aggregate base with a transverse joint 
spacing of 20 ft. The original 10-in. slab exhibited extensive 
D-cracking. There was considerable spalling of the transverse 
joints, especially near the intersection with the longitudinal 
joints. Some of these areas had been repaired with bituminous 
patches. Approximately 1,190,000 ESALs had been applied 
to the outer lane and 95,000 ESALs had been applied to the 
inner lane before construction of the overlay. 

Overlay 

In 1976, a 3-in.-thick bonded overlay was placed on this pave
ment. However, extensive work was completed on the pave
ment before that construction. Partial depth repairs at the 
joints consisted of additional milling of approximately 2 in. 
of the deteriorated pavement, sandblasting, grouting , and fill-

TABLE 6 STATE ROAD 12 (SIOUX CITY, IOWA) 
PERFORMANCE DATA 

1985 FIELD SURVEY 

FHWA 1988 
SURVEY 

OUTER OUTER LANE 

LANE LANE #2 
Average PSR N/A NIA 2.4 

Mays Roughness, IN/Ml NIA N/A 163 
Transverse Faulting, IN 0.04 0.07 N/A 

Transverse Cracks/Ml L 4 10 5 
M 13 55 50 
H 0 5 15 

Long. Crk., LIN FT/Ml L 40 0 0 
M 84 100 5260 
H 0 0 0 

% Joints Spalled 10 4.4 29.6 
ESAL's on Overlay (millions) 0.87 1.34 0.15 

% Joint Corners Debonded 3.3 
% Debonded Crack Corners 8.3 

% Area of Wheelpath 
Debonded 0 

% Total Area Debonded 5.5 
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ing of the patched area with new concrete. This work was 
performed at 30 joints for the full width of the pavement, and 
at 5 joints for one-half the width. Also, full depth repairs were 
constructed at four locations. Finally, 4-in. pressure relief 
joints were sawed at either end of the project before the 
placement of the overlay and also were constructed in the 
overlay. 

In preparation for placement of the overlay, the entire top 
0.25 in. of the pavement was milled off. This was followed 
by sandblasting. Just before placement of the overlay, the 
surface of the pavement was cleaned by airblasting. The grout 
used was a 1:1 mix of cement and sand, with enough water 
added to produce a creamy consistency. Existing transverse 
joints were marked with nails on the shoulder. The resurfacing 
was then sawed a minimum of 1 in. deep over approximately 
20 percent of the existing transverse joints. Of the 38 joints 
where no partial depth patching was done, 7 were sawed after 
resurfacing. No centerline joint was sawcut in the pavement 
overlay. After 2 or 3 months , most of the transverse joints 
had reflected through the resurfacing. 

Performance of the Pavement Section 

The results from the field survey are summarized in Table 7 
and show that this 12-year-old overlay is in very poor con
dition. This overlay exhibits extensive cracking and joint spall
ing and has noticeable transverse joint faulting. The condition 
of the inner lane is similar to that of the outer lane; it also 
had signs of D-cracking in the overlay. There were approxi
mately 1.3 million ESALs applied on the overlay in the outer 
lane and 0.1 million applied in the inner lane. This is about 
110 percent of the traffic applied on the original pavement 
before rehabilitation. 

TABLE 7 US-20 (WATERLOO, IOWA) 
PERFORMANCE DATA 

1985 
FHWA 

SURVEY 

·-FIELD SURVEY 
1988 

OUTER OUTER LANE 
LANE LANE #2 

Average PSR NIA 2.4 2.6 
Mays Roughness. IN/Ml N/A 174 201 
Transverse Faulting, IN 0.07 0.12 NIA 

Transverse Cracks/Ml L 40 198 168 
M 216 228 228 
H 0 18 6 

Long. Crk., LIN FT/Ml L 216 601* 222 
M 0 5334• 0 
H 0 0 0 

% Joints Spalled 0 40 50 
ESAL's on Overlay (millions) 1.07 1.32 0.11 

• Centerline joint nol sawed. 

% Joint Corners Debonded 83.3 
% Debonded Crack Corners 76.9 

% Area of Wheelpath 
Debonded 0 

% Total Area Debonded 45.7 

TRANSPORTATION RESEARCH RECORD 1286 

The bonding survey results suggest that there is a serious 
loss of bond developing between the overlay and the original 
pavement. The debonding is primarily associated with dis
tresses occurring at the joints and cracks, and not in the wheel
path. 

Sample cores were obtained from representative slab corner 
and center slab locations. The center slab core was in good 
condition, with no noted distresses. The corner core, how
ever, was in poor condition. It had primarily horizontal crack
ing throughout the aggregate and mortar, extending to within 
0.25 in . of the original surface. A shear test performed on 
the center slab core showed a bond of 706 psi ; the shear 
strength from the corner core was only 160 psi . 

As is noted previously , the original pavement was severely 
distressed by D-cracking at the time of the overlay construc
tion. D-cracking and spalling had evolved into severe joint 
deterioration, necessitating widespread repair both before 
placement of the overlay and as preoverlay repair. This pave
ment is now approaching a failed condition. The original pave
ment was most likely not a good candidate for the selection 
of a bonded overlay as the appropriate rehabilitation strategy 
because of the extensive D-cracking. 

INTERSTATE 80-TRUCKEE, CALIF. (CA 13) 

The 1-80 thin bonded concrete overlay project is located in a 
mountainous region of central California. The original pave
ment was constructed in 1964 and consisted of 8 in. of non
doweled JPCP on a 4-in. cement-treated base (CTB) and a 
12-in. aggregate subbase. The transverse joint spacing was a 
random pattern of 12-13-19-18 ft. 

The original pavement was exhibiting some random crack
ing when the overlay was constructed. Also , much of I-80 in 
this mountainous region had experienced a severe loss of 
wearing surface in the wheel paths because of the use of chains 
on tires during periods of inclement weather. Before the 
placement of the overlay in 1984, the outer lane of the pave
ment had experienced approximately 5,900,000 ESALs. The 
inner lane had experienced approximately 860,000 ESALs . 

Overlay 

A bonded concrete overlay was constructed on this section 
in 1984. It was 2 in . thick for a distance of 750 ft and 4 in . 
thick for 300 ft. Before placement of the overlay, the sealant 
material in the random cracks was removed by impact ham
mers. Contraction joints were also cleaned out. The initial 
surface preparation for the existing concrete pavement con
sisted of cleaning by shot blasting. The final surface prepa
ration was by airblasting. An epoxy was used as the bonding 
agent. It was applied to the existing pavement just before the 
overlay, which was placed within 36 hours of shot blasting. 
Placement temperatures ranged from 46°F to 86°F. Reinforce
ment was placed in the overlay in the inner , or second, lane. 
This reinforcement consisted of both No. 4 rebar and welded 
wire . There was no reinforcement used in the outer lane. 

The transverse joints were sawed directly over the joints 
in the existing pavement to the full depth of the overlay and 
sealed with silicone. The two lanes were paved separately, so 
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no special provisions were made for a longitudinal joint. The 
specifications required sawing of the transverse joints within 
12 hours of paving. 

Performance of the Pavement Section 

The distresses measured on the pavement section are sum
marized in Table 8. These indicate a pavement that is per
forming well, although there are transverse and longitudinal 
cracks present. It is not known how many of these are reflected 
cracks. The bonding survey results show that an extraordi
narily large area of this pavement appears to be debonded. 
This debonding does not appear to be restricted to joints or 
the wheelpath area but covers substantial portions of the entire 
slab area. An informal survey of this project by Caltrans in 
1986 revealed minimal debonding. It is estimated that the 
overlay had sustained 3.1 million ESALs in the outer lane 
and 0.5 million ESALs in the inner lane at the time of the 
survey. This figure is slightly more than 50 percent of the 
traffic carried by the original pavement until construction of 
the overlay. 

This pavement has good serviceability and no faulting. 
However, there is a fairly large amount of low-severity trans
verse and longitudinal cracking that has not yet deteriorated . 
Given the extent of the de bonding, some type of further dete
rioration is likely. The cause of the apparent debonding may 
be related to the performance of the epoxy grout or environ
mental conditions at the time of paving. An earlier bonded 
overlay (1981) in the same area failed to develop bond, although 
in that instance a cement grout was used and the debonding 
occurred almost immediately. 

SR-38A-SIOUX FALLS, S.D. (SD 1) 

The SR-38A project is located in the extreme southeastern 
portion of South Dakota, on State Route 38A. The original 

TABLE 8 INTERSTATE 80 (TRUCKEE, 
CALIF.) PERFORMANCE DATA 

FIELD SURVEY 

1987 

OUTER LANE 

LANE #2 
Average PSR 4.2 NIA 

Mays Roughness, IN/Ml 134 N/A 
Transverse Faulting, IN 0 N/A 

Transverse Cracks/Ml L 245 136 
M 0 0 
H 0 0 

Long. Crk., LIN FT/Ml L 1002 543 
M 0 0 
H 0 0 

% Joints Spalled 3 1.5 
ESAL's on Overlay (millions) 3.09 0.53 

% Joint Corners Debonded 75 
% Area of Wheelpath 

Debonded 19 
% Total Area Debonded 56.8 
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pavement, constructed in 1950, consisted of 8 in . (203 mm) 
of nondoweled JPCP on a 6-in. aggregate base. The transverse 
joint spacing was 15 ft. A survey conducted before construc
tion of the overlay showed that 4 percent of the pavement 
area required full-depth patching. There were 1,100 linear ft 
of longitudinal cracking recorded, and 60 percent of the trans
verse joints were spalled. Corner breaks were also noted, as 
were transverse cracking, delamination, and large areas of 
asphalt overlay and patching already in place. Several blowups 
had occurred on the pavement; these had been repaired either 
with AC patches or full-depth concrete repairs. The pavement 
had sustained approximately 1,130,000 ESALs in each direc
tion by the time the overlay was constructed. 

Overlay 

The 3-in.- and 4-in.-thick, bonded concrete overlay was con
structed in 1985. Only the 3-in. section was evaluated for this 
project. Extensive repairs were performed before placement 
of the overlay, including 51 full-depth patches and additional 
partial-depth patching. The partial-depth patches were pre
pared and then filled as part of the overlay paving operation. 
Four different methods of reinforcing the longitudinal cracks 
were tried, including placing tie bars on chairs, placing bent 
tie bars in predrilled holes on either side of the crack, tying 
tie bars to reinforcing steel rails running parallel along either 
side of a crack, and placing the tie bars in sawed slots. 

After all of the patching was completed and the undesirable 
deteriorated material was removed, the pavement was shot
blasted. A cement-water grout, used to bond the overlay, was 
sprayed onto the surface immediately before application of 
the overlay. Ambient temperatures during placement ranged 
from 57°F to 80°F. Three transverse cracks occurred during 
rapid cooling of the pavement from a severe thunderstorm 
that produced a cold rain. 

The transverse joints were sawcut the full depth of the 
overlay as soon as possible after placement of the overlay. 
The cuts were made across a single lane , guided by two sets 
of reference pins, in an attempt to compensate for the non
uniformity of the joints. The longitudinal joint was specified 
to be cut within 48 hours of paving, but was actually sawed 
at the same time as the transverse joints. In addition, seven 
4-in.-wide pressure relief joints were constructed along the 
project. 

Soon after the sawing was completed, 20 random transverse 
cracks, most very short, developed. These cracks were routed 
and sealed with epoxy. During the first day of paving, a ran
dom centerline crack occurred on 720 ft of overlay before 
sawing of the longitudinal joint. The sawing time was adjusted, 
but the overlay still developed another 5,100 ft of random 
centerline cracking. These cracks were also sealed, with the 
sealant material determined by the crack's location . No 
delamination of the overlay was detected on the project after 
construction. 

A survey made a year later indicated a small amount of 
reflection cracking. The only cracks that weren't reflection 
cracks were located along the boundary of full-depth repairs 
in the overlay or the next slab. 
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Performance of the Pavement Section 

A field survey was conducted on this pavement in May 1988, 
after nearly 3 years of service and 0.71 million ESALs in each 
lane. This is over 60 percent of the traffic carried by the 
pavement in the 25 years of service before construction of the 
overlay. The distresses were nominal, consisting of some lon
gitudinal cracking and slight transverse joint spalling. These 
results are shown in Table 9. A uumling survt!y was also 
performed and showed that very little of the pavement was 
debonded . The only debonded areas consisted of 9 percent 
of the slab corners tested . 

Cores were taken from the slab center and corner. They 
were both in excellent condition, with no signs of deterioration 
or distress. The shear strength between the overlay and the 
pavement , measured from a corner core, was 675 psi-higher 
than the shear strength obtained from the slab center core . 

This bonded overlay is performing very well after 3 years 
of service and approximately 710,000 ESALs. This good per
formance is occurring despite the preexisting distresses and 
the need for widespread preoverlay repairs. It is not known 
whether the good performance is a result of some design factor 
or whether the low number of applied ESALs has helped to 
minimize the presence of deterioration. 

INTERSTATE 25-DOUGLAS, WYO. (WY 1) 

The Douglas, Wyo., project is located on 1-25, in the south
eastern corner of the state. The original pavement, con
structed in 1969, was an 8-in.-thick nondoweled JPCP on an 
aggregate base, with a 20-ft transverse joint spacing. When 
the overlay was constructed, the original pavement was rel
atively sound, with some transverse and longitudinal cracking 
and corner breaks evident in limited areas. Minor pumping 
and faulting were observed throughout the project. Mainte-

TABLE 9 STATE ROAD 38A (SIOUX FALLS, S.D.) 
PERFORMANCE DATA 

1985 FIELD SURVEY 

FHWA 1988 

SURVEY 

EB EB WB 

LANE LANE LANE 
Average PSR NIA 4.2 4 

Mays Roughness, IN/Ml NIA 59 72 
Transverse Faulting , IN 0.02 0.03 N/A 

Transverse Cracks/Ml L 0 0 0 
M 0 0 0 
H 0 0 0 

Long. Crk. , LIN FT/Ml L 0 63 0 
M 0 73 250 
H 0 0 0 

% Joints Spalled 0 1.3 6.3 
ESAL's on Overlay (millions) 0.11 0.71 0.71 

• Centerline joint not sawed. 

% Joint Corners Debonded 9.2 
% Area of Wheelpath 

Debonded 0 
% Total Area Debonded 0.1 
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nance operations up to the time of the 1983 overlay construc
tion included sporadic joint resealing and maintenance patch
ing with an AC cold mix. It is estimated that the outer lane 
of the pavement had sustained 1,970,000 ESALs before con
struction of the bonded overlay. In 1983, many different repairs 
were carried out on this section. These included subsealing 
in the outer lane for the entire length of the project with a 
cement-pozzolan grout, full and partial depth repairs, and 
joint and crack resealing. 

Overlay 

Before placement of the 3-in . overlay, the pavement was milled 
to a depth of 0.5 in. and then sandblasted. The final surface 
preparation consisted of airblasting immediately before the 
application of the bonding agent. The temperature range dur
ing the paving period was between 65°F and 86°F. A cement
water mixture was used as the bonding agent, with a maximum 
water-cement ratio of 0.62. The transverse joints were sawed 
full depth above the marked joints of the original pavement , 
except for at several locations. They were then sealed with a 
silicone sealant before the pavement was opened to traffic . 
The longitudinal joint was sawed along the middle of the 
overlay slab, to an initial depth of 2 in . However, the original 
longitudinal joint was formed with an insert, which may have 
made it difficult to locate and follow the longitudinal joint. 

Performance of the Pavement Section 

The pavement was evaluated several times by the Wyoming 
State Highway Department . Deflection testing performed 
shortly after construction showed that one area appeared not 
to have been successfully undersealed anu that there were 
three slabs that appeared not to be bonded . Cores taken less 
than 1 year after construction showed shear strengths ranging 
from 223 to 360 psi. One year after construction, there were 
a few interior corners that had become debonded and broken 
out. The extent of this problem was considered minimal. A 
subsequent survey conducted by the state in the spring of 1986 
showed extensive deterioration, consisting of fine transverse 
cracks spaced 6 in. to 9 in. apart over the entire project. There 
were many areas of the project that were experiencing more 
severe cracking and several areas that had broken up . 

This pavement was next evaluated by the FHWA in 1986. 
Debonding was noted at the intersection of reflected trans
verse and longitudinal cracks. There were also about a dozen 
instances of small corner breaks with associated debonding. 
Some transverse cracks occurred in relation to missawed joints. 
There was minor cracking attributable to reflection of under
lying cracks or joints. Some of the cracks had developed minor 
spalling. According to the Wyoming State Highway Depart
ment, this cracking had begun to develop during the winter 
and spring of 1985-1986. 

Table 10 presents the results of the 1988 field survey . Over
all, the pavement showed significant deterioration, with a 
large number of medium severity transverse cracks and exten
sive longitudinal cracking. The distresses are notably higher 
in the outer lane than in the inner, less traveled lane. There 
appears to be a debonding problem at over one-half of the 
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TABLE 10 INTERSTATE 25 (DOUGLAS , WYO.) 
PERFORMANCE DATA 

1986 FIELD SURVEY 

FHWA 1988 
SURVEY 

OUTER OUTER LANE 

LANE LANE #2 
Average PSR N/A 4.2 4 

Mays Roughness, IN/Ml N/A 82 113 
Transverse Faulting, IN 0.01 0.04 N/A 

Transverse Cracks/Ml L 21 158 0 
M 0 42 0 
H 0 0 0 

Long. Crk .. LIN FT/Ml l 42 232 0 
M 0 2165 528 
H 0 296 11 

% Joints Spalled 8.3 23 3.8 
ESAL's on Overlay (millions) 1.12 1.90 0.13 

• Centerline joint not sawed. 

% Joint Corners Debonded 52.9 
% Area of Wheelpath 

Debonded 1 
% Total Area Debonded 3.6 

corners and in 1 percent of the wheelpath area. This is a large 
amount of de bonding for a 4-year-old project. The loads applied 
to the overlay at the time of the survey were 1. 9 million ESALs 
in the outer Jane and 0.1 million ESALs in the inner lane
over 95 percent of the traffic carried by the original pavement 
before construction of the overlay. The amount of longitu
dinal cracking appears to be the most serious problem, as 
much of it is deteriorated. The transverse cracking could also 
further deteriorate and develop into excessive roughness. 

A joint core was retrieved from a representative slab cor
ner. There was no bond between the existing pavement and 
the overlay, as the overlay section was totally separated from 
the underlying pavement. 

This project is in fairly good condition in terms of ser
viceability, with a high PSR, but the de bonding observed 
suggests that further cracking may occur. The original pave
ment required extensive rehabilitation before the overlay con
struction, which may be an indication that a bonded over
lay might not have been the most appropriate rehabilitation 
strategy. 

SUMMARY AND CONCLUSIONS 

The pavement sections investigated in this study represent the 
majority of the bonded overlays that have been constructed 
in the United States. The original pavements ranged in age 
from 9 years to 35 years before overlay . The overlays ranged 
in age from 3 years to 11 years . The original pavements and 
the overlays had carried a wide range of traffic levels. In fact, 
several of the overlays have carried nearly as much or more 
traffic than the original pavements. 

These overlays were constructed by using various surface 
preparations and bonding agents. Because of the various design 
factors involved in the design and construction of each over
lay, the effect of many of these factors was confounded. 
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Therefore, no strong conclusions regarding surface prepara
tion or bonding agent could be drawn. 

It is believed that curing conditions play a large role in the 
performance of bonded overlays. The ambient conditions at 
the time of concrete placement have an effect on the curing 
and bonding of the overlay. Rapid curing is associated with 
shrinkage cracking and debonding of the overlay, particularly 
at the corners. Undesirable climatic conditions may also cause 
rapid drying of the grout, which will not promote a good bond 
between the overlay and the original surface. Information 
regarding the curing conditions in this project was unavaila
ble, however, and these conclusions can not be substantiated 
by the results presented herein. 

Sawing of the transverse as well as longitudinal joints soon 
after placement of the overlay is critical in controlling the 
deterioration of the joints. Several of the sections exhibited 
crackin,g because of inadequate joint sawing or no joint sawing 
at all. For example, no longitudinal joint was sawed on IA 
2, and only 20 percent of the transverse joints were sawed on 
IA 5. Not surprisingly, these sections exhibited more cracking 
at higher severity levels than sections whose joints were sawed. 

There was a large degree of difference in the amount of 
preoverlay repair performed. Many of the sections had exten
sive preoverlay repairs whereas others had very little. The 
conclusions regarding preoverlay repair are fairly clear. If the 
existing slab has working cracks, deteriorated joints, or mate
rials problems, and an overlay is placed on the slab , the chances 
of the overlays performing well are not good. It is believed 
that working cracks in the existing slab propagate quickly 
through the overlay. The sections on IA 3 and IA 5 show this 
type of propagation. 

Deteriorated joints resulting from excessive spalling of 
materials problems result in problems in the overlay. The IA 
5 section showed deterioration of the overlay joints caused 
by inadequate support from the original slab, which exhibited 
"D" cracking. 

Several of the sections exhibited serviceabilities of 3.2 or 
less. These pavements have failed in terms of their serviceable 
lives. Closer examination shows that these sections are in poor 
structural condition as well, typically exhibiting cracking and 
faulting . 

• NY 6-This section had a serviceability rating of 3.2 and 
showed transverse cracking, faulting, and a large degree of 
debonding at the corners. 

•IA 3-Although it was not possible to determine the 
serviceability of these sections because of the geometry of the 
roadway, observations were made regarding their remaining 
serviceable life. The extensive deterioration of the slabs and 
the amount of debonding present indicate that the sections 
are near failure. 

•IA 4-The IA 4 section had a serviceability of 2.4, indi
cating that the pavement was very rough . The section exhib
ited a large amount of longitudinal cracking and some medium 
and high severity transverse cracking, as well as some faulting. 

• IA 5-The serviceability rating given to the IA 5 section 
was 2.4. This rating indicates failure of the section in terms 
of rideability. The section also exhibited extensive transverse 
cracking, several shattered slabs, a high level of faulting, and 
longitudinal cracking. All of these indicate a serious structural 
failure. 
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Because of inadequate documentation, the condition of the 
original pavement after full-depth repairs (if performed) and 
before overlay is unknown. This information would be useful 
in determining the amount of deterioration in the overlay that 
may be attributed to deficiencies in the original slab. 

Unfortunately, many of the factors that affect the perfor
mance of the bonded overlays cannot be compared in this 
study because they are confounded by the various designs, 
climates, curing agents, bonding agents, and so on. Also, 
bonded overlays are typically constructed to either improve 
the structural capacity of a pavement or correct a surficial 
defect (4). It was not possible to determine whether any of 
the overlays evaluated for this study were constructed for 
either of these reasons. Generali y, the bonded overlays that 
were studied had mixed success. However, it is believed that 
with proper preoverlay repair, thorough cleaning and prep
aration of the surface, use of a good bonding agent, careful 
placement and curing of the concrete, and proper joint sawing 
techniques, many years of benefit can be attained through the 
placement and use of bonded overlays. Also, the effect of the 
selection of proper candidate sections for this rehabilitation 
technique cannot be understated. 
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Heavily Loaded Trailers: An Approach to 
Evaluate Their Interaction with Asphalt 
Concrete Pavements 

JORGE B. SousA, JIM McGHIE, AND BoB SHEPARD 

The Permits Department of the California Department of Trans
portation is often asked to issue permits for the movement of 
unusual vehicle configurations. It then becomes necessary to eval
uate the damage these configurations cause. The shaking table 
of the Earthquake Engineering Research Center at the Richmond 
Field Station was used to investigate and compare some aspects 
of the dynamic behavior of a new super-heavy haul vehicle trailer 
(JXS), equipped with an hydraulic cylinder-nitrogen suspension, 
with those of four other, currently used, semitrailer types. Based 
on the data obtained during the tests conducted on the shaking 
table improvements on the JXS suspension were made, and it 
can be concluded that levels of the dynamic component of the 
loads, induced by the JXS at normal highway operations, are 
within the same range of magnitude as those produced by the 
other trailers studied. The results also suggest that the difference 
in performance between trailers equipped with leaf-spring sus
pensions and trailers equipped with air bag suspensions is greater 
than the difference between tridem trailers and tandem trailers 
equipped with air bags. From a dynamic point of view, the effect 
of suspension type appears to be more significant than the number 
of axles. 

The purpose of this study was to compare the relative behavior 
of the JXS super-heavy haul vehicle trailer, equipped with an 
hydraulic cylinder-nitrogen suspension, with that of four cur
rently used semitrailer types. This heavy trailer is capable of 
carrying 150,000 lb of payload (as tested), distributed over 32 
tires (Figure 1). Three semitrailers and a jeep were used for 
the comparison. Two semitrailers were equipped with tandem 
axles (one of the tandem trailers had a leaf-spring suspension 
and the other an air bag suspension), and the third was equipped 
with a tridem axle using an air bag suspension. The jeep 
(auxiliary dolly) was equipped with 2 axles (16-tire group) 
with a walking beam suspension. 

One of the new features of the JXS trailers (design by "! 'rans 
World Crane, Inc., for Jake's Heavy Lift & Transport Inter
national) is the configuration of the suspension and the axle 
(Figure 2). The JXS (Jake's EXtra Speed) axle, developed 
for use by the heavy-haul transporter at normal highway speeds, 
can be positioned at various points on the trailer's frame. 
Because load equalization would be difficult over many axle 
points on a long and wide structure, it was decided that a 
suspension having extensive vertical travel in which each axle 

J. B. Sousa, Richmond Field Station, Building 40, University of Cal
ifornia at Berkeley, Berkeley, Calif. 94720. J. McGhie, Trans World 
Crane, Inc., 3600 Kennebec Drive, Eagan, Minn. 55122. B. Shepard, 
Division of Transportation Operations, State of California Depart
ment of Transportation, 112 N St., Sacramento, Calif. 95814. 

steers would be necessary. An hydraulic cylinder-nitrogen 
suspension system satisfied these requirements. The suspen
sion uses a 6-in.-diameter cylinder with an 18-in. stroke and 
can steer to ± 45 degrees. The nitrogen system used was 
designed to give the vehicle a stability float similar to, but 
slightly stiffer than , an automobile coil spring suspension. 

The Permits Department of CALTRANS (California 
Department of Transportation) is often asked to issue permits 
for the movement of unusual vehicle configurations such as 
the JXS . With the increasing number of these vehicles, it 
becomes necessary to evaluate the damage they cause . One 
way to complete this evaluation would be to use the mechan
istic design for pavement sections. This method allows com
parisons of the relative performance of sections under the 
influence of these various types of trailers, providing that time 
histories of the loads applied are known. 

The shaking table of the Earthquake Engineering Research 
Center (EERC) at the University of California Richmond 
Field Station (RFS) was used to investigate some aspects of 
the dynamic behavior of trailers. By individually exciting a 
set of dual tires with known amplitudes and frequencies and 
simultaneously reading the loads under each set of dual tires, 
it is possible to determine the frequency response function of 
the vehicles for the frequency range tested. It is also possible 
to generate time histories of loads under various types of 
excitation. 

Using the frequency response function of the trailer and 
the profile of typical highway roads , it is possible to determine 
the power spectral density of the loads actually applied by 
each tire. As part of this study, the RPL (Reduction of Pave
ment Life Index) of each of the trailers was also determined 
(under specific conditions speed and pavement roughness, 
i.e., amplitude and frequency of excitation). 

TESTING PROGRAM 

Equipment and Instrumentation 

The principal intent of this research was to compare the per
formance of various suspension systems and to determine the 
effects of the suspension and trailer designs on pavement 
performance. For this reason, eight load cells were used to 
directly measure the loads applied by each set of dual tires. 
Wooden blocks were placed beneath the other tires to keep 
the trailer level. 
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FIGURE 2 JXS axle and piston diagrams. 
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A beam was fabricated and attached to the shaking table 
so that the axial movement of the table could be transmitted 
to a specified set of dual tires (Figure 3) . This beam contains 
two parts. One acts as a major cantilever beam extending out 
from the shaking table. This cantilever was physically attached 
to the table by four 60 TF prestressed rods positioned 3 ft 
apart. The other part is a movable L-shaped cantilever. One 
side attaches to the major cantilever beam, and the other side 
contains a load cell (load 1) on top of which a set of dual tires 
can be placed. A potentiometer (disp b) was placed between 
this L-shaped piece and the ground floor to measure the actual 
input displacements to the set of dual tires (this reading should 
be equal to the vertical displacements of the shaking table 
plus the deflection of the beams) . 

An accelerometer was positioned on the top central position 
of the heaviest counter weights used to ballast the trailers (ace 
1). Another accelerometer positioned near the end of the axle 
being excited by the L-shaped cantilever beam recorded the 
acceleration . 

On the JXS, four pressure transducers were used to record 
the pressures in the pistons (pressO, pressl, press2, and press3). 
Figure 1 diagrams the location of the transducers. Addition
ally, every piston was instrumented with a potentiometer to 
record the displacements ( disp 1 through disp 8) and two 
additional accelerometers were positioned at each end of the 
trailer to help identify modal frequencies. During the tests on 
conventional trailers the number of channels was reduced. 

Testing Sequence 

Several tests were performed on each trailer. To determine 
the frequency response function (1,2) of a trailer it is necessary 
to excite it with known sinusoidal amplitudes and frequencies 
and monitor its response. Several frequency response func
tions can be obtained for a single vehicle. Essentially these 
functions can be perceived as black boxes. From one end 
known frequencies and amplitudes are input, and from the 
other end the responses are measured. 

In this study the inputs were the amplitudes and frequencies 
of the displacements applied to a selected set of dual tires. 
The monitored responses essentially represent the time var
iation of the loads under the tires and the time variation of 
the vertical accelerations of the counter weight(s) placed on 
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the trailers. The frequency response function of the load under 
the set of dual tires being excited was determined for each 
trailer. Several other frequency response functions can also 
be derived from the data obtained. 

The experimental work was subdivided into testing sequences. 
A detailed description of the test sequences has been pre
sented previously (3). Generally each sequence of tests con
tained at least one test with a random input with a white noise 
acceleration (the amplitude of the acceleration is the same at 
all frequencies) within the frequency range of interest (0 to 
20 Hz) and a series of tests composed of sinusoidal inputs 
between 0.8 and 20 Hz. During each sequence all character
istics of the trailer being tested remained the same. During 
these sequences about 40 Mbytes of data were collected . In 
this paper only selected aspects of the data analysis are pre
sented. 

DATA ANALYSIS 

Determination of the JXS Piston's Friction 

During the initial stages of testing, the piston exhibited slip/ 
stick behavior under sinusoidal input; in other tests, it did not 
exhibit any displacement. This irregularity was attributed to 
piston friction caused by the bearing or the seals, or both . To 
determine the magnitude of the friction forces , data were 
interpreted from tests in which the piston moved. To minimize 
errors caused by inertia forces, a low-frequency test (1.5 Hz) 
was selected for analysis. 

Figure 4 displays the time variation of the force applied to 
the piston, the piston displacement , and the pressure variation 
in the piston. From the displacement trace the slip/stick pat
tern can be observed. The variation in the oil pressure , caused 
by the sudden movement of the piston, can be identified in 
the pressure trace. The force variation indicated variations of 
approximately ± 1.0 kip . 

Studying the data that were gathered between 0.48 sec and 
0.75 sec confirms that the piston did not move while the force 
was steadily increasing (roughly between - 0.8 klb and 1.0 
klb). The piston did not move until enough force was present 
to break the frictional forces. 

For this case it can be assumed that 

Force(rric iion) = Pressure(pision) * Area(pision) - Force(ti rcs) 

I 
BEAM ANCHORED TO 
SHAKING TABLE 

FIGURE 3 Schematic representation of the I-beam extending from the shaking table 
to transmit excitation to a set of dual tires. 



98 

1.5 

0 
0 
0 0.5 -
* "- - 0 .0 
~ 
C,.) 

i--
0 
k, -0.5 

-1.0 

I 
{ 

,•.;•.1.,\ 

l 

\. 
.1-i\, '\ ,. 

I 

TRANSPORTATION RESEARCH RECORD 1286 
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FIGURE 4 Time variation of displacements, pressure, and forces for PISTON I at 
1.5 Hz. 

Figure 5 plots the time variation of the friction force for 
this case (identified as the trace of Piston I). The figure indi
cates that the frictional forces can be as high as 2 klb . 

Based on this finding, the piston (Piston I) was replaced 
by another (Piston II) in which the bearing and seals were 
machined to higher tolerances and lubricated. Figure 6 graphs 
the time variation of force displacements and pressure for 
Piston II under the same conditions as for Piston I. The slip/ 
stick behavior is still present, but the force necessary to break 
static friction is now of a lower magnitude. 

Figure 5 compares the variation of the frictional forces with 
time, for both pistons. The magnitude of the friction forces 
in Piston II was reduced to about 600 lb. The magnitude of 
the force caused by pressure variation is quite small, account
ing for only about 200 to 300 lb of the load. The predominant 
frequency present in lhe lra1.,;es is 24 Hz, probably because of 
the oil column resonance in the hydraulic lines. 
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Effects of Piston Friction 

Dynamic Effects 

The effects of friction can be both beneficial and detrimental 
to vehicle performance. Figure 7 shows the frequency contents 
of the acceleration for the counter-weights placed on the JXS 
system. For each frequency the graph indicates the amplitude 
of the accelerations caused by a random input on the left rear 
piston. 

The trace, represented by a solid line, was obtained with 
Piston I. It is clear that there are two predominant frequen
cies, one at 2 Hz and the other al 7.5 Hz. A few additional 
peaks can be identified at 6.5, 9, 11, and 24 Hz. 

For Piston II the trace is quite different. The peak at 2 Hz 
is still present; however, the peak at 7 .5 Hz no longer exists. 
Peaks at 5.0, 6.5, and 11.0 Hz are now noticeable. The response 
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FIGURE 5 Time variation of frictional forces for PISTON I and 
PISTON II. 
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of the vehicle, except for the decrease in performance at 11.0 
Hz, is improving by offering a "softer" ride. 

During the tests the friction for Piston I was measured at 
2,000 lb. Therefore, the maximum load difference between 
the two axles can be as high as 8,000 lb (2 pistons x 2 axles 
x 2,000) (note that each axle on the scale encompasses two 
JXS axles or two pistons). These values are of the same order 
of magnitude as the values recorded by the scales . 

Static Effects 

Before the tests were executed at RFS, the tractor/trailer 
combination stopped at scales during the trip from Las Vegas 
to Richmond. Table 1 shows the values of the weight obtained 
from each axle. These values show that the air bag and the 
walking beam suspensions provided a good load axle distribu
tion. However, the JXS exhibits axle load differences as high 
as 5,580 lb. 
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Based on the results obtained from the shaking table , all 
pistons on the JXS where modified, and a series of static tests 
were later performed by CALTRANS in Las Vegas, Nev., 
to investigate if load distribution characteristics had improved. 
Column 3 shows typical results obtained by driving the JXS 
on to the load cells. Significant improvement has been achieved 
by reducing the piston's friction levels. 

PISTON II 
PISTON I 

I I I I I I ' f I I I ~ 0 
10 15 20 25 

' I 
30 
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FIGURE 7 Comparison of the accelerations on counter weight for 
PISTONS I and II. 
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TABLE 1 AXLE WEIGHTS OBTAINED AT WEIGH STATIONS 

(1) (2) 
SCALES SCALES 
A B 
(10E3 LBS) (10E3 LBS) 

AXLE 1 17.0 17.16 

AXLE2 20.2 21 .08 
AXLE3 20.3 20.08 

AXLE4 22.4 22.66 
AXLES 21 .6 21 .92 

AXLES 23.4 23.78 
AXLE 7 26.7 27.02 
AXLES 29.2 28.90 
AXLE9 28.3 29.36 

Investigation of Nonlinearities in Vehicle Response 

Three levels of random displacements were provided to the 
JXS trailer at the rear left piston. Figure 8 diagrams the time 
history of the displacements measured with the potentiometer 
disp b (located between the L-shaped piece and the ground 
floor). It can be observed that the three traces are of similar 
shape, differing only by the amplitude (600, 500, and 100). 

During these tests the acceleration of the counter weight 
was recorded. The fast fourier transform (FFT) of this accel
eration was divided by the FFT of the input displacements 
(Figure 9). If the trailers had linear response the three traces 
would be superimposed. 

Although the trace displayed reaches up to 30 Hz, the most 
meaningful fraction is between 0 and 12.0 Hz. Beyond this 
range the noise levels are of the same magnitude as those of 
the components, thus affecting the interpretation . 

These results indicate that a typical frequency response 
analysis of truck behavior cannot be performed in this study 

O.B 

(3) (4) 
NEW PISTONS REMARKS 
(Load Cells) 
(10E3 LBS) 

FRONT AXLE 

AIR BAGS 

WALKING 

30.20 
30.46 
30.02 JXS 
29.30 

because this type of analysis assumes a linear response for 
the structure being studied. However , this approach could be 
implemented to evaluate suspension and vehicle behavior if 
input levels in laboratory studies are within those proviclecl 
by normal highway operations. Unfortunately the amplitude/ 
frequency ranges that could be provided by the shaking table 
do not cover the full spectrum that can be encountered in 
rough pavements. 

Response of the Trailers to Random Input 

One particularly interesting variable is the capability of a 
trailer to minimize the level of acceleration induced to the 
payload. Figures 10 through 13 compare the FFT of the ver
tical acceleration recorded on the counter weights for the 
various trailers. At the lower freq11ency ranges the JXS out
performs the other trailers . In the higher frequencies (i.e., 5 
to 12 Hz) the walking beam and the air bag 3 exhibit better 
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FIGURE 9 FFT of the relative accelerations of the counter weight 
for the three levels of input displacement. 
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FIGURE 13 Comparison of the accelerations of counter weight 
between the JXS and the LEAF-SPRING. 

performances. The comparison with the walking beam is not 
quite appropriate because the jeep equipped with the walking 
beam was of very small dimensions. Resonance frequencies 
caused by a long frame (such as the JXS or even the other 
semitrailers) are not present within the frequency range stud
ied. Furthermore, the dimension of the counter weight was 
such that it almost totally covered the jeep, thus preventing 
the excitation of any resonance mode in the frame . 

The data also suggest that generally the leaf-spring semi
trailer exhibits the worst performance. 
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Determination of the Frequency Response Functions 

To evaluate its behavior to dynamic inputs, the behavior of 
JXS was compared with that of other trailers . For each trailer 
the same input (displacement of dual right rear tires) was 
imposed at various frequencies. Figure 14 graphs the input 
for each of the trailers. The shaking table is unable to provide 
displacements of high amplitudes at high frequencies; there
fore, the amplitude at 1 Hz was 0.25 in. and at 12 Hz was, 
at most, 0.025 in. 
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FIGURE 14 Input displacement amplitudes for sinusoidal 'excitation, 
applied to the trailers (function of frequency). 
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FIGURE 15 Force amplitude obtained from the frequency sweep for load 1 
for all trailers. 

Figure 15 displays the values obtained for the force (Ll) 
(see Figure 1) under the dual right tires for the various trailers. 

Two major peaks can be globally identified, one at about 
1 to 2 Hz and the other at about 9 to 12 Hz. The first cor
responds to the body's predominant mode of vibration and 
the second to the predominant frequency resonance of the 
suspension (axle assembly). In the case of JXS , it is possible 
that in the high frequency range (9 to 12 Hz) flexure and 
torsional modes might be present. 

Figure 16 shows the frequency response function H[Ll/b](w) 
[or force amplitude (Ll)/Input Displacement Amplitude (b)] 
(in pounds per inch) so the responses of various trailers can 
be compared. It is the frequency response function at each 

60 

frequency of each of the trailers for the load analysis. Essen
tially these traces indicate the magnitude of the dynamic load 
that would be produced (if linearity is assumed) by sinusoidal 
displacement with 1 in. of amplitude imposed at the tires . 

These values indicate that the dynamic component of the 
loads that can be expected for the JXS are within the same 
order of magnitude as the loads produced by any other trailer. 
The solid trace presents the peaks at 7 Hz and the other at 9 
Hz, indicating the frequencies that are most unfavorable for 
the JXS. For the lower frequency range, which is most likely 
to be encountered on normal highway conditions, the JXS 
mostly offers the same or better load response. It is also 
noticeable that the airbag 2 exhibits the worst performance 
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FIGURE 16 Frequency response function of the various trailers. 
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at about 12 Hz. Although air bags are generally chosen because 
they offer a softer ride, that does not necessarily imply benign 
effects to the pavement. 

On-the-Road Performance of the JXS 

After JXS was laboratory tested, its performance on the high
ways was investigated so that some of the observations made 
on the shaking table could be validated. 

The following transducers were mounted on the JXS trailer: 

• One accelerometer recorded the vertical acceleration of 
the heaviest counter weight. 

• One accelerometer recorded the vertical acceleration of 
the right rear axle. The accelerometer was positioned at the 
middle of the axle, just beneath the piston. 

• One accelerometer was positioned at the center rear end 
of the frame to measure vertical acceleration. 

• The four pressure transducers used during the testing 
sequences remained in position. They were used to monitor 
pressure variations in the piston. 

• Eight potentiometers monitored the displacement of 
the pistons. Unfortunately, data from the transducers cannot 
be used because the file containing the calibration contents 
was lost. 

The transducers were excited by a very low-noise alternat
ing current (AC) signal conditioner. All data were recorded 
by an on-board TOSHIBA 3200 portable microcomputer. The 
115 AC power supply was provided by a gasoline generator. 
A line tamer was used to stabilize the current. The data acqui
sition software permitted the continuous recording of 4.8 sec 
of data at a rate of 200 conversions per sec per channel with 
12-bit accuracy. A Metrabyte DAS16F board performed the 
analog to digital conversions. 

The road test was executed on Tuesday, June 21, 1988, 
between 6:00 and 7:00 p.m. on Interstate 80 between the 
Richmond Field Station and the Cordelia scales. At this time 
traffic was heavy and maintaining speed was difficult. There-
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fore, the velocity information ascertained with the data is not 
accurate. For example, during preparation of a file to receive 
data obtained at speeds of 55 mph on rough pavement, the 
speed dropped to about 20 mph . Therefore, all data associated 
with this section are presented with reservations. 

There was an attempt to include information in the data 
files about respective roughness levels and speed. The experts 
on roughness were the drivers of the trucks. They were asked 
to characterize roughness levels on a scale of 0 to 5 (0-very 
smooth, 5-very rough). The speed was read directly from 
the speedometers of the trucks. From all the various data 
records only two are analyzed here. One was obtained at 
approximately 55 mph over a jointed rough PCC pavement 
section. The other was obtained at about 25 mph over a rel
atively smooth asphalt pavement. 

Figure 17 graphs the FFT of the vertical accelerations of 
the counter weight. At lower velocities, the accelerations are 
kept at levels below 0.02 g with peaks at 1.5, 2.8, 8.0 and 
11.0 Hz, peaks at frequencies close to those identified with 
the shaking table. Note that these peaks are not expected to 
agree with those obtained by the shaking table because on 
the freeway the counter weight is subjected to a multitude of 
inputs (one for each tire) . 

At roughly 50 to 60 mph on a rough PCC pavement a very 
strong peak can be observed . Although the spacing of the 
joints is the cause of the peak (clearly if the pavement were 
perfectly smooth no vibrations would be noticeable) the fact 
that it occurs at 9 Hz is because of the physical characteristics 
of the JXS. This resonant frequency was also observed during 
the tests on the shaking table especially when Piston I was 
present. This could be caused by the friction still present on 
the other pistons. The cause of the resonance frequency at 
9.0 Hz is not because of the presence of friction in the piston ; 
instead it is because of the size, weight, and physical char
acteristics of the JXS frame . The friction causes the excitation 
at that frequency by preventing the free movement of the 
pistons that lock and, therefore, directly transmit the exci
tations to the frame from the road. If the friction were reduced 
this peak might not be as high. Figure 7 shows the acceler-
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TABLE 2 STATIC LOADS UNDER VARIOUS SUSPENSIONS 

(1) 
LOAD 
(KIP) 

[1 
L2 
L3 
L4 
L5 
L6 

MEAN 
VARIANCE 

(2) 
AIRBAG2 

4.58 
4.99 
3.81 
4.60 

4.49 
0.24 

ations of the counter weight recorded during the tests with 
Piston I and Piston II on the shaking table. The effects of 
reduced friction are quite noticeable. 

Load Distribution Characteristics of the Various 
Suspensions 

Load distribution characteristics can be examined from a static 
or a dynamic point of view . The first applies, for instance, 
when a vehicle slowly goes over a curb with a set of dual tires 
and stays there. The other is applicable for a moving vehicle 
going over, for example, a pothole or a step fault on a PCC 
pavement. This analysis was performed only with the data 
obtained from the semitrailers equipped with air bags and 
leaf-spring suspension as they are standard configurations. 

Table 2 displays the static component of the load for the 
various vehicles. These are the mean values of the static load 
recorded for an input sinusoidal excitation at 1 Hz. The static 
values for other frequencies were also investigated with sim
ilar values of variance and mean. It is clear that the leaf-spring 
suspension has the pooresl static load distribution character
istics . (Note: the load cells were placed under the tires by 
individually raising each axle with a jack.) 

To investigate the sharing capabilities of a suspension in a 
dynamic environment an approach similar to that described 
in On-the-Road Performance was followed. 

The dynamic load ratio was defined as 

DLR(w) 

where 

1- N ;I-r L Amp(i, w) L Sta(i,w) 
I I I I 

(1) 

i = a dual set of tires; 
N = the number of sets of dual tires on the suspen

sion; 
Amp(i,ov) = amplitude of the dynamic component of the 

load applied by dual set of tires i at frequency 
w; and 

Stau.wJ = the mean value of the load (static component) 
applied by the set of dual tires i. 

Essentially the sum of the dynamic components of all the 
loads applied by the tires is divided by the sum of the static 
components of the same loads. A DLR of 0.30, for instance, 

(3) 
AIR BAG 3 

4.55 
4.23 
3.91 
G.13 
4.13 
6.00 

4.65 
0.61 

(4) 
LEAF-SPRING 

5.39 
6.55 
1.22 
2.G1 

3.94 
5.99 

indicates that the magnitude of all the dynamic loads was 30 
percent of the static loads. This value implies that the loads 
transmitted to the pavement can be as high as 130 percent of 
the static load and as low as 70 percent. 

Generally a good suspension will minimize the DLR, whereas 
a bad suspension will induce higher dynamic components of 
the load on all tires, thus causing a higher value for the DLR. 

Two factors can contribute to a high DLR: (a) the suspen
sion is such that it causes high components of dynamic load, 
and (b) the suspension does not provide a good equalization 
of the load among the tires . It is difficult to identify which of 
those two factors plays a more important role in a high DLR. 
Figure 18 graphs the variation of the DLR with frequency for 
the various vehicles. The leaf-spring suspension clearly pre
sents the worst performance. The DLR for this suspension is 
higher at almost all frequencies . The air bag 2 performs rel
atively well, except at 2 Hz, where the roll mode of resonance 
induces high dynamic loads, imposing very poor load distribu
tion, and at 12 Hz at the natural frequency of the axles. 

Comparing the shape of the curves in Figure 18 with those 
in Figure 16, it is apparent that the dynamic components on 
the set of tires not being excited contribute strongly to a high 
DLR for the leaf-spring. This value can be caused by poor 
load distribution capabilities. 

The DLR depends on the frequency of the load (for sin
usoidal inputs) as observed in Figure 18. If the DLR were 
computed only at 6 Hz, for example, the DLR.1,bagJ would be 
higher than the DLRairbag2 ; however, at 10 Hz the order is 
reversed. These data imply that if suspensions or trailers are 
compared based on ratios of this type, obtained from their 
responses when traveling at a given speed on a given pavement 
profile, the conclusions cannot be extrapolated to other speeds 
or other pavement profiles or even to other payload levels. 

PAVEMENT PERFORMANCE CONSIDERATIONS 

For specific pavement types , it is important to decide which 
modes of distress contribute to pavement deterioration and , 
therefore, to a reduction in pavement serviceability. For asphalt 
pavements, the major modes of distress directly associated 
with load are fatigue, cracking, and rutting. For portland 
concrete cement pavements, step faulting at the joints (in 
undoweled pavements) and fatigue cracking appear to be the 
major causes of loss in serviceability because of traffic loadings. 
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FIGURE 18 Variation of DLR with frequency for three semitrailers. 
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As seen in Figure 19, analysis of a specific pavement section 
involves determining if the section under consideration will 
be able to sustain the anticipated loading; if not, a new section 
must be selected and checked. 

To illustrate the process, consider fatigue analysis. Results 
of studying the fatigue response of asphalt concrete indicate 
that the following expression is a reasonable damage deter
minant (4). 

log NJ = 15.947 - 3.291 * log(E,!l0- 6
) 

- 0.854 * log (Smjl03
) (2) 

where 

NJ = number of load applications to 10 percent cracking, 
E, = tensile strain (resulting from load) repeatedly applied, 

and 
smix = dynamic stiffness modulus of the asphalt bound layer. 

The program ELSYM (5) can be used to ascertain strains 
resulting from anticipated static loads. According to the above 
expression, for a particular strain level there is a number of 
load repetitions (N) that can be sustained before cracking 
takes place. Since there will be a range in loads and thus in 
strains, the cumulative effects of the various strain levels must 
be considered. This can be done by using the linear summation 
of cycle ratios cumulative damage hypothesis: 

n 

L (n/N,) = 1 (3) 
i=l 

where 

n, actual number of load repetitions at strain level i, and 
N, allowable number of load repetitions at strain level i 

(from Equation 2). 

When the linear sum of cycle ratios reaches unity in this 
expression, the pavement is no longer considered serviceable 
and rehabilitation is required. 

The objective of the design process is to find a suitable 
combination of materials and layer thickness that permit the 
anticipated loads to be carried for a prescribed period of time. 
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As seen from the above discussion and from the illustration 
(Figure 19), there are essentially four steps in the process for 
defining representative interactions between a vehicle (truck) 
and the pavement. They are 

1. Definition of vehicle characteristics through direct mea
surements of response, e.g., through the use of the shaking 
table, a simulator like that developed by PACCAR (6), or 
by means of computer analysis using truck simulation pro
grams such as RIDE (6) or DYMOL (7). 

2. Definition of representative pavement profiles. 
3. Definition of the pavement response to the loads gen

erated from items 1 and 2. 
4. Definition of adequate distress analyses and distress cri

teria for representative pavement materials. 

Comparative analysis can be performed by keeping some 
of the variables constant and varying others. Two such com
parative analyses were undertaken to evaluate the relative 
behavior of the trailers tested. They are as follows: 

1. Mechanistic quasi-static analysis-considered the rela
tive effect of the various levels of strain caused by the various 
trailers, assuming no dynamic effects, that is, truck loads were 
assumed to be applied on an infinitely smooth pavement surface. 

2. Determination of the RPL index for each trailer (8)
looked separately at the dynamic effects of the suspension on 
pavement damage (life) for the same time history of input 
displacement. 

Mechanistic Quasi-Static Analysis 

To investigate the relative effects of the loading level and 
spacing between loads (tires) on pavement performance, a 
typical asphalt concrete pavement section was selected (see 
Table 3). The 12-in.-thick asphalt layer was subdivided into 
two layers so that different temperature could be simulated. 

The computer program ELSYM was used to determine the 
maximum tensile strain on the bottom asphalt layer for the 
loads imposed by each of the trailers. The columns of Table 
4 display the intermediate steps (columns 1 through 7) and 
final result (column 8) of this analysis. 

TABLE 3 PAVEMENT SECTION USED FOR ANALYSIS 

(1) 
LAVER 

Asphalt Concrete 

Asphalt Concrete 

Base 

Subgrade 

(2) 
PROPERTIES 

H= Sin. 
v= .15 
E = 800 000 PSI 

H= S in. 
v= .10 
E = 1 200 000 PSI 

H= Sin. 
v= .35 
E= 10 000 PSI 

v= .35 
E= 5000 PSI 
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TABLE 4 DETERMINATION OF THE TOTAL WEIGHT (lb) TRANSPORTED BY EACH 
TRAILER DURING A PAVEMENT LIFE ----- --~· 

(1) (2) (3) (4) (5) 
# Load MAX #rep. 

TRAILER Tires (lbs) Strain Failure 
Susp. (E+03) (E-04) (E+06) 

Single 4 18 .649 22.557 
Tandem 8 34 .574 33.791 
Tridem 12 42 .510 49.861 
Walking beam 16 60 .780 12.317 
JXS-12 16 60 .683 19.067 
JXS-14 16 60 .641 23.497 

The data for column 5 were obtained by introducing the 
values of column 4 into the formula (formula 1). This value 
represents the number of times that an axle of the trailer 
could pass over that pavement section. The estimated number 
of passes of a trailer (column 7) was obtained simply by divid
ing that number by the number of axles (column 6), given 
that the maximum strain occurred under that axle. 

Most analyses stop at this stage, and trailers or suspensions 
are compared based on the number of repetitions to failure 
on a particular pavement. According to this approach, the 
trailer equipped with a single axle would be recommended 
for yielding the maximum number of repetitions (N = 22 .6 
x 106). However , the main purpose of a road is not to with
stand repetitions but to provide the means by which a payload 
can be transported from point A to point B. Therefore, an 
alternative method for comparing trailers is to compute the 
amount of payload they could carry over the life of a pave
ment. This value can be obtained by multiplying the number 
of passes the pavement can withstand by the total load carried 
with each pass (column 7). 

It is now clear that a JXS-14 (14 ft overall width) would be 
capable of carrying more load over the life of the pavement 
section studied than any other trailer. In fact, it could carry 
twice that carried by a trailer equipped with a single axle. The 
jeep equipped with the axle walking beam (16-tire group) 
appears to be the least effective with only 370 x 109 lb carried 
versus 704 x 109 lb for the JXS-14. 

These values are specific for the pavement section studied. 
The results presented are only relative to the California 
Department of Transportation permit program and may not 
be the same for other states . For a complete evaluation of 
the relative performance of the trailers several other pave
ment sections should be investigated under different condi
tions (i.e., temperature and moisture content) and also for 
PCC pavements. Such studies were beyond the scope of this 
project. 

Determination of the RPL Index for Each Trailer 

This section investigates the effects of the dynamic loads gen
erated by each of the trailers on pavement performance. 
Determining the relative damage effects of the five types of 
trailers could be completed in three steps: 

(6) (7) (8) 
#rep/ # lbs transp./ 
pass passes pavement life 
(E+06) (3)*(7)(E+9) 

1 22.6 406 
2 16.9 574 
3 16.6 698 
2 6.2 370 
2 9.53 572 
2 11 .75 705 

1. Determination of the time histories of the tensile strain 
at the bottom of a representative pavement structure using 
dynamic material properties. The strains can be computed 
using a new computer code, SAPSI (9), developed by Chen 
and Lysmer. This code simulates the dynamic response of 
layered systems to dynamic surface loads and incorporates 
the variation of the material properties with loading fre
quency. 

2. Determination of pavement life expectancy using gen
erally accepted fatigue criteria. For each of the trailer types, 
the number of load applications to failure can be computed. 
The linear summation of cycle ratio cumulative damage 
hypothesis (Miner's Hypothesis) can be used to assess the 
relative damage imposed at each level of strain. 

3. For purposes of comparison, a reduction of pavement 
life index (RPL) can be developed for each trailer type . Each 
RPL value represents the percentage of pavement life con
sumed solely by the dynamic effects imposed by one type of 
trailer (8) . The definition of the RPL is as follows: 

RPL(trailer) = 1 - NF(trailer)/NF(static) (4) 

where 

N F(trailer) 

number of load applications to failure com
puted by current quasi-static methods and 
number of load repetitions to failure (taking 
into consideration the dynamic effects of the 
suspension). 

During this analysis it must be assumed that the dynamic 
loads produced by the trailer on a rough surface are a random 
phenomenon. Consequently, any particular point on the pave
ment may be subjected to the full spectrum of loads that a 
given truck might apply. In essence, any single point in the 
wheel path is likely to sustain the same level of loading as 
any other point. In addition , it has been shown (9) that veloc
ity effects of a moving load (velocity 0) on a layered structure 
can be assumed negligible for velocities up to 70 mph. 

Chen showed (9) that it is not necessary to take into con
sideration the inertia effects of the pavement when deter
mining the time histories of the strains caused by dynamic 
loads. This permits the use of a simpler static linear elastic 
layered program like ELSYM instead of the use of SAPSI. 
Stresses, strains, and deflections can be calculated by the 
quasi-static procedure described previously. 
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The approximate time history of the response (stress, strain, 
deflection) of the pavement can be obtained by multiplying 
the response to a unit static load by the intensity of the load 
at each time step. It is important , however, to use the actual 
dynamic load history and material properties associated with 
the specific loading conditions to conduct this simplified analysis. 

Given that this is just a comparative study between trailers, 
the material properties of the pavement can also be assumed. 
However, to determine the RPL for the various trailers , the 
time histories of the loads produced by the random excitation 
applied by the shaking table were used, specifically, the load 
produced by the tandem tires being directly excited (Ll). 

For this comparative analysis, because of the variance in 
number of wheels, axles, and axle and wheel spacing, it must 
be assumed that a pavement section is specially designed for 
each of the trailers so that the maximum static strain applied 
to the bottom layer of the individual pavement section would 
be the same in each of the sections. Since uniform static strain 
can now be assumed, it is possible to determine the dynamic 
effect of each trailer type. To specifically focus on a com
parison of the dynamic behavior of the various trailers , it was 
assumed that they would all cause the same static strain, 0.0001. 

Since the strain is proportional to the load, time variations 
of the load would produce proportional time variations of the 
strain. With this in mind it can be concluded that L, (t) (the 
time history of the loads in L 1) can be converted to e1(t) (the 
time history of the tensile strain on the bottom of the asphalt 
layer for this trailer) by 

(5) 

Therefore , during the 33 sec of strain, time histories at 200 
sample/sec, 6,600 digitized strain levels were obtained. 

The attainable number of repetitions to failure was com
puted using the fatigue law discussed in Mechanistic Quasi
Static Analysis. The RPL values obtained for the various 
trailers are as follows: 

Trailer 

Quasi-static 
JXS (Piston II) 
Walking beam 
Spring-leaf 
Air B·ag 3 
Air Bag 2 

RPL (%) 

0.0 
0.73 
0 .76 
1.11 
0.92 
0.77 

With these assumptions in mind it is clear that if there were 
no dynamic effects, all trailers traveling in their own pavement 
section would each yield the same pavement life. This pave
ment life would be the quasi-static life. However, the time 
variation of the strains causes various levels of pavement life 
consumption with each pass. The most "benign" is the JXS 
(0. 73) followed by the walking beam. The most destructive 
is the spring-leaf (1.11). 

For normal highway operation, RPL values can be as high 
as 40 percent on very rough pavements and at higher traveling 
speeds (8) . The values obtained in this analysis varied between 
0. 73 for a JXS and 1.11 for the trailer equipped with the leaf
spring suspension. These significantly lower numbers are 
because the random (white noise) displacement under the set 
of dual tires was not sufficiently high to simulate that type of 
highway operation. Furthermore , only one set of tires was 
excited. On normal highway operations all tires are simul-
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taneously excited. Because of these two factors, the relative 
difference of RPL values obtained for the various suspensions 
and axle configurations can be considered significant, indi
cating different levels of performance. It is expected that larger 
RPL values and larger differences would be obtained if a high
speed test over a rough pavement were simulated . The relative 
difference may, however, be different because of nonlinear
ities in suspension behavior. 

CONCLUSIONS AND RECOMMENDATIONS 

From these studies the following conclusions can be made: 

1. Because of nonlinearities in vehicle response, the fre
quency response functions must be determined within the 
amplitude range that is expected to be encountered in normal 
highway operations. 

2. From tests conducted on the JXS trailer it was deter
mined that the pistons had a 2,000-lb friction level. After 
modifications, a new piston was mounted and tested and a 
friction level of 600 lb was ascertained. The shaking table 
proved effective in these determinations. 

3. From data obtained during the tests conducted on the 
shaking table it can be concluded that levels of the dynamic 
component of the loads induced by the JXS at normal highway 
operations are within the same range of magnitude as those 
produced by the other trailers studied. 

4. In most analyses, comparisons of trailer or truck perfor
mance are based on the number of repetitions to failure that 
can be applied to a particular pavement section . According 
to this approach , the trailer equipped with a single axle would 
be recommended for yielding the maximum number of rep
etitions (N = 22.6 E + 6). However, the main purpose of a 
road is not to withstand repetitions but to provide the means 
by which a payload can be transported from point A to point 
B. Therefore, an alternative method for comparing trailers is 
to compute the amount of payload they could carry over the 
life of a pavement. This value can be computed by multiplying 
the number of passes the pavement can withstand by the total 
load carried with each pass. 

By applying this currently adopted methodology it is clear 
that a JXS-14 is capable of carrying more load over the life 
of the pavement section considered than any other trailer 
studied. In fact , it could carry about twice that carried by a 
semitrailer equipped with a single axle. 

5. It is apparent that the semitrailer equipped with the leaf
spring suspension induces the highest dynamic components 
of the loads (highest RPL, DLR(w) and generally higher 
H( L/b ]( w)] and also exhibits the worst load distribution char
acteristics. 

Both air bag suspensions exhibit a similar overall dynamic 
behavior. Whereas the RPL value for the tridem was worse 
than that of the tandem, the DLR(w) and the H(Lllb](w) of 
the tridem were generally better than those of the tandem. 

The relative difference of values suggests that the difference 
of performance between trailers equipped with leaf-spring 
suspensions and trailers equipped with air bag suspensions is 
greater than the difference between tridem trailers and tan
dem trailers equipped with air bags . From a dynamic point 
of view the effect of suspension type appears to be more 
significant than the number of axles. 
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6. A road test, despite its limited scope, indicated that the 
JXS operated at velocities of up to 60 mph with a maximum 
recorded vertical acceleration on the counter weight, over a 
rough portland cement concrete pavement section, of 0.15 g 
at a predominant frequency of 9 Hz. Thi.s value is expected 
to improve if the friction is significantly reduced in all pistons. 

These conclusions enhanced the need of discussion and 
research in the following areas: 

1. The determination of the frequency response function 
of trailers and trucks appears to be an effective tool for pre
dicting trailer behavior. Tests should be conducted with a 
frequency sweep of at least a 0.1-Hz interval and with ampli
tudes varying within the range of values expected from high
way operations. Road roughness data should be collected to 
make this possible. 

2. On-the-road comparisons of the behavior of trucks and 
trailers should be made over pavement sections with various 
levels of roughness. Such tests should be performed to identify 
levels of roughness above which excessive damage is caused 
by the dynamic component of the loads. Furthermore "typ
ical" sections of highway should be identified and surveyed 
to provide data for theoretical comparisons of trailers, sus
pensions, and axle configuration. 

3. Further studies should be conducted to compare mea
sured behavior (from item 2) to model predictions of stresses, 
strains, and deflections on pavements. A highly reliable model 
should be useful to evaluate new suspensions, load limits, and 
tire/axle configurations on pavements. 

4. Use of the concept of "pounds carried per pavement 
life" could have major implications in the design, size, and 
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characteristics of trucks and trailers and in the trucking indus
try overall. 
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Overlay Design Method for Flexible 
Pavements in Arizona 

MICHAELS. MAMLOUK, JOHN P. ZANIEWSKI, WILLIAM N. HOUSTON, 

AND SANDRA L. HOUSTON 

A rational overlay design method for flexible pavements in Ari
zona, which includes roughness, fatigue, and plastic deformation 
models, has been developed. The roughness model is based on 
an analysis of the change in roughness because of overlay and 
the rate of change in roughness after overlay for typical Arizona 
roads. The fatigue model uses a shift factor to adjust existing 
fatigue criteria for the rate of crack development of pavements 
in the state. The plastic deformation model ensures that the over
lay is thick enough so that expected traffic loads will not induce 
significant plastic deformations in underlying layers. The three 
design models are incorporated into a microcomputer program 
for computing the optimum oveday thickness, estimating the 
remaining life of an exi ·ring pavement; evaluating the life of a 
user-specified overlay, and performing economic analyses. Twenty 
in-service pavement sites were selected from Arizona highways 
covering various geographical and environmental regions, soil 
types, pavement conditions, and traffic volumes. Nondestructive 
tests were performed on these sites using the falling weight deflec
tometer at several stress levels, as well as Dynaflect tests. The 
layer elastic moduli were back calculated and adjusted for tem
perature. Asphalt concrete cores and undisturbed subgrade sam
ples were collected and tested in the lab for modulus and 01her 
prop rties . The overlay design pr cedure has been veriri d with 
typical pavement secti n. in the tate. Although the procedure 
in it current form applie to conditions in Arizom1 primarily. the 
design concepts can be used with conditions in other states. 

For a variety of reasons, the number of new highway con
struction projects is steadily decreasing. As a consequence, a 
higher percentage of highway agency resources is being devoted 
to upgrading and maintaining existing highways. Thus, over
lay design has moved into the forefront of pavement engi
neering. 

The primary goal in overlay design is to provide a pavement 
that can withstand the applied traffic loads, throughout the 
design life, without failure, such as excessive cracking, rutting, 
or loss in serviceability. Fundamental engineering decisions 
include assessing which sections of highway require overlaying 
and how much overlay is needed. Mechanistically based design 
methods should be developed to close the gap between theory 
and practice and to upgrade the performance of the existing 
highway system. 

The most commonly used overlay design approaches are 
(a) engineering judgment, (b) standard thickness, (c) empir
ical, and (d) mechanistic or mechanistic-empirical (1). 
Mechanistic approaches are preferred over others since they 
characterize the response of the pavement to a load based on 
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basic parameters such as strains or stresses. On the other 
hand, failure is normally defined by specific mechanisms such 
as fatigue cracking or rutting, or both. Currently, no com
pletely mechanistically based overlay design method exists. 
All mechanistically based methods depend in part on empir
ical relations between pavement parameters and the number 
of load applications the pavement can support before failure. 

A number of overlay design methods for flexible pavements 
are available (2-6). Although these methods cover a wide 
variety of design concepts and applications, they may not be 
completely applicable to the conditions in Arizona. The main 
purpose of this study was to develop a mechanistic-empirical 
method of overlay design for flexible pavements that could 
be used by the highway personnel of the Arizona Department 
of Transportation (ADOT) with a high degree of confidence. 
In this study, the available overlay design methods were 
reviewed including a method that was developed by ADOT 
(7). It was decided that sufficient new data were available 
and could be collected to develop a new procedure tailored 
to the conditions in Arizona. 

The overlay design method presented in this study was 
developed by the Center for Advanced Research in Trans
portation (CART) at Arizona State University. The design 
method was named CODA, which stands for CART Overlay 
Design for Arizona. 

DATA COLLECTION 

Currently, the existing highway network in Arizona is approx
imately 6,000 miles, including Interstate highways, U.S. routes, 
and state roads. The majority of this network is paved with 
asphalt. More than 50 percent of these roads are in excellent 
to good condition, whereas about 25 percent are in poor con
dition. In this study the data collection process can be divided 
into three groups: (a) data base search; (b) deflection mea
surement; and (c) sample collection and laboratory testing, 
as discussed in the following paragraphs. 

Data Base Search 

The Arizona Department of Transportation has an efficient, 
computerized pavement management system (PMS) file that 
includes various pavement data dating back to 1972. For each 
milepost of the highway network in the state, and for each 
year, data such as Maysmeter roughness, cracking, and fric
tion number are available. Rutting data are available for 
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Interstate highways starting in 1986. Traffic data include aver
age daily traffic, 18-kip equivalent single axle load (ESAL) 
in the current year, and the average annual traffic growth for 
the last 10 years. Other data are also available, such as the 
number of lanes, lane width, and shoulder width. 

In addition to the PMS file, a pavement construction history 
file is available. The construction history file includes layer 
thicknesses, material types, and year of construction of each 
layer of the pavement network. These data are stored by 
construction project. 

Deflection Measurement 

Although a deflection data file is available in the ADOT 
computer data base, the available data were incomplete and 
taken at various dates and for various conditions. Therefore, 
falling weight deflectometer (FWD) tests were performed at 
20 selected sites distributed throughout the state with good 
historical records. The criteria for the site selection include 

1. availability of traffic data, 
2. availability of material properties, 
3. overlay history of the site, 
4. current pavement condition, 
5. geographical location, and 
6. materials in the pavement structure. 

Because one objective of the evaluation of the pavement 
sites was to permit the evaluation or development of perfor
mance models for overlaid pavements, factor 3 was very 
important. The most desirable pavement site would be one 
that had beeri overlaid one time with an overlay near the end 
of its service life. Sites that meet these criteria would provide 
direct data on the service life of overlaid pavements in Arizona. 

The search process showed that it was not possible to iden
tify 20 sites that completely met the criteria. Therefore, the 
selection was aimed at satisfying most of the criteria. The 
selected sites were uniformly distributed throughout the state 
and covered various climatic zones, as shown in Figure 1. The 
sites also covered a wide range of traffic volume, roughness, 
cracking, rutting, and friction number. The material types and 
layer thicknesses at the test sites are given in Table 1. 

For the purpose of this study, FWD testing was performed 
in the outside wheel track at each site. Ten stations at 10-ft 
intervals were tested at each site starting at the milepost and 
proceeding in the direction of traffic. The pavement surface 
temperature was measured during the test to allow for tem
perature corrections in the computed modulus values for the 
asphalt bound layers. The FWD was operated at three load 
levels (6, 9, and 12 kip) at stations 1, 5, and 10 at each site, 
whereas a 9-kip load was used at the other stations. In addition 
to FWD, some sites were also tested using the Dynaflect for 
comparison and for the possible correlation between FWD 
results and those from previously gathered Dynaflect data. 
As expected, the FWD and the Dynaflect results were not 
well correlated. For the remainder of the study the FWD data 
were used in the development of the overlay design proce
dure, because the FWD can represent truck loads more accu
rately than can the Dynaflect. FWD tests were also conducted 
at a few locations using 6-, 9-, 12-, 15-, 18-, and 21-kip load 
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FIGURE 1 Selected test sites in Arizona. 

TABLE 1 MATERIAL TYPES AND LAYER THICKNESSES 
AT THE TEST SITES 

AC Base Subbase AASHTO 
Site Thickness Matenal Thickness Material Thickness Subgrade 

(in.) (in.) (in .) ClassificaLion 

1 8.5 AB 3 SM 12 A-2-4 (0) 

2 6 AB 3 SM 6 A-4(2) 

3 12.5 BTB 3 SM 6 A-4 (3) 

4 12.5 BTB 3 SM 6 A-2-4 (0) 

5 12.5 BTB 3 SM 6 A-2-4 (0) 

6 12 AB 6 SM 10 -
7 7.5 CTB 6 SM 6 A-2-4 (0) 

8 11 CTB 6 SM 6 A-4(5) 

9 6 AB 2 Sm 17 A-7-b (7) 

10 6.5 AB 6 SM 22 

11 3.5 BS 2 A-4(1) 

12 6.5 AB 6 SM 15 A-1-b (11) 

13 4 BS 3 AB 3 . 
14 9 BS 4 AB 4 A-7-b (11) 

15 6.5 BS 3 AB 6 A-1-b(O) 

16 4.5 BS 2 SM 9 A-2-4 (0) 

17 3 BS 2 SM 6 

18 4 AB 4 SM 15 A-1-b (0) 

19 7 AB 3 SM 6 A-4(2) 

20 9.5 AB 4 SM 15 A-1-a (Ol 

Note AC= Asphalt Conrete 
AB = Aggregate Bas< 
BTB :::: Bilurninous Treated Base 
CTB = Cement Treated Base 
BS =Bituminous Treated Surface 
SM = Select Material 
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levels for the purpose of development of the plastic defor
mation models. 

In addition to deflection measurements, cone penetration 
tests (CPT) were performed at all 20 sites to investigate the 
homogeneity of the subgrade material and to measure the 
depth to bedrock, if any. The CPT provided some under
standing of the layering system within the subgrade. However, 
the test has proven to be impractical for design purposes, 
primarily because of the high cost and the lack of a precise 
relationship between CPT and modulus. Therefore, the CPT 
test results were not used in the development of the overlay 
design procedure. The analysis of the CPT data is discussed 
elsewhere (8). 

Sample Collection and Laboratory Testing 

At each of the 20 sites, cores were taken from asphalt concrete 
layer and the stabilized base layer if available. Disturbed sam
ples were also taken from untreated base and subbase mate
rials as well as from subgrade materials. Undisturbed samples 
were also collected from subgrade materials using Shelby tubes. 
During the sampling process, material types and layer thick
nesses were recorded, to a depth of about 25 ft , unless bedrock 
was encountered at a shallower depth. 

Asphalt concrete cores were trimmed and tested in the 
laboratory to determine their diametral resilient modulus 
according to ASTM D4123 test procedure. The test was per
formed at temperatures of 41°F, 77°F, and 104 °F. Several 
cores from each site were tested. 

The undisturbed subgrade samples were tested in the lab
oratory using the triaxial resilient modulus test. The test fol
lowed the AASHTO T274 test procedure with some modi
fications (8). At least one sample was tested from each site . 
In addition to resilient modulus testing, sieve analysis and 
Atterberg limits were performed on subgrade materials. Sieve 
analysis tests were also conducted on untreated base and sub
base materials. 

BACK CALCULATION OF MODULI AND 
COMPARISON WITH LABORATORY MODULI 

For the development of the overlay design method, the layer 
moduli were back calculated using an operator-controlled trial
and-error computer procedure rather than one of the available 
computer back calculation programs. The reasons for this 
trial-and-error procedure were to allow for better estimation 
of moduli values and to allow for the use of five layers above 
the bedrock to model the pavement system. Thus, the pave
ment system was represented by asphalt concrete layer, base, 
subbase, 9-in. compacted subgrade layer, and uncompacted 
subgrade. In this procedure, a set of typical layer moduli and 
a specific depth to bedrock were assumed, and the Chevron 
program (9) was used to compute the surface deflections . The 
layer moduli, as well as the depth to bedrock, were then varied 
based on the fact that deflections remote from the loaded area 
are primarily governed by the stiffness of deeper layers . This 
process was repeated until the computed deflections were 
close to the measured deflections. 

The trial-and-error back calculation procedure was used as 
a research tool only, in an effort to enhance understanding 
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of the problem and to aid in the subsequent simplification. 
For the purpose of the routine overlay design, the microcom
puter program BKCHEVM was developed to provide an 
automated back calculation procedure (8). The BKCHEVM 
program is based on the CHEVDEF program (10), developed 
by the U.S. Army Corps of Engineers, with some modifica
tions to simplify use and to improve convergence. 

The back calculated moduli of both asphalt concrete surface 
and subgrade materials were compared with laboratory mod
uli. In general, back calculated and laboratory moduli were 
not wdl correlated. A number of factors that might contribute 
to these differences were considered and verified with the 
results obtained from cone penetration testing. The detailed 
results of this comparison are presented elsewhere (8). For 
the purpose of overlay design, it was concluded that the mod
uli back calculated from FWD testing are more appropriate 
for the design process than those obtained from laboratory 
testing ( 8). 

DEVELOPMENT OF OVERLAY DESIGN 
METHODOLOGY 

The majority of roads in Arizona are built with asphalt. These 
roads vary from heavily traveled Interstate highways to sparsely 
traveled secondary roads . The state covers a large area from 
hot desert to snowy highland. Subgrade material type also 
varies from one part of the state to another, whereas moisture 
conditions vary depending on the location and season. 

Based on the experience of ADOT personnel and the avail
able pavement management data base, the primary mode of 
failure for flexible pavements in Arizona is roughness . In fact, 
about 80 percent of overlaid pavements in the state were 
overlaid because of excessive roughness, about 15 percent 
because of excessive cracking, and about 5 percent because 
of rutting. Therefore , three separate design criteria were 
developed in this study for roughness, fatigue cracking, and 
plastic deformation as a part of CODA,method. 

Figure 2 shows the flow of calculations required to meet 
the problem constraints. A general set of input data is required 
to define the parameters of the problem. The analyst can then 
select one or more of four options: overlay design, remaining 
life of an existing pavement, life of a user-specified overlay, 
or economic analysis. If the user selects the overlay design 
option, the roughness, fatigue, and plastic deformation models 
are used to obtain the required overlay thickness. If the user 
selects the remaining life option , the program uses both 
roughness and fatigue models to evaluate the remaining life . 
If the user selects a specific overlay thickness, the program 
determines its life based on both roughness and fatigue models. 
Finally, the user has the option of performing an economic 
analysis to determine the equivalent uniform annual cost of 
four rehabilitation strategies: overlay only, mill plus overlay, 
mill and recycle plus overlay, and reconstruction. The devel
opment of the roughness, fatigue, and plastic deformation 
models are described in the following sections. 

Roughness Model 

Roughness is the single measure of pavement performance or 
condition that correlates with the highway user's opinion of 
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INPUT DATA 

OPTION 1 

Overlay Design 

Roughness Model 

Fatigue Design for 
10 years 

OPTION 2 
Remaining Lile al 

Existing Pavement 

Roughness and 
Fatigue Models 

Life 

Fatigue Design for 
<10years 

Check Plastic Deformation Model 

Overlay Thickness 

OPTION 3 
Lile of a 

Specified Overlay 

Roughness and 
Fatigue Models 

Lile 

OPTION4 
Economic 
Analysis 

Select Among 
Four Rehabil itation 

Alternatives: 

1 Overlay 
2. Mill and Overlay 
3. Mill, Recycle and 

Overlay 
4 Reconstruction 

Equivalent Uniform 
Annual Cost 

FIGURE 2 Flow chart of the overlay design procedure. 

the quality of the pavement . Roughness criteria are a major 
factor in the project selection process used in ADOT's pave
ment management system. Thus, a roughness model is an 
important component in the overlay design process. 

Roughness is generally defined as random variations in the 
longitudinal profile of the pavement surface . The develop
ment of random variations in the profile depends on such 
factors as traffic loads, environment, soil support, and con
struction variations. The number of variables, and their inter
actions, that contribute to the development of roughness are 
too numerous to permit rigorous mathematical modeling. 
Hence, empirical methods are used for the development of 
roughness models. Fortunately, the ADOT pavement man
agement data base provides an extensive source of data for 
the development of roughness performance models. All ADOT 
roughness data are measured by using the Maysmeter device. 
A correlation model is available to convert from Maysmeter 
roughness reading to present serviceability rating (7) . 

In an overlay design method, two forms of roughness models 
are required: the change in roughness of the pavement caused 
by overlay and the rate of roughness development as a func
tion of either time or traffic. 

For the development of roughness performance models, 
the ADOT microcomputer PMS data base was queried to 
identify all overlay projects constructed since 1960. The proj
ects selected for the analyses had "conventional" overlays, 
i.e., an asphalt concrete layer placed directly on an existing 
pavement surface. Other rehabilitation options such as mill
ing , recycling , and asphalt-rubber membranes, were excluded 
from the data base analyzed during this project. 

The data were separated into homogeneous overlay proj
ects. A homogeneous overlay project is defined as having a 
constant project number, route number , direction, and over
lay thickness. The data fields were then averaged across each 
milepost included in each project. Thus, the roughness data 
used for statistical analyses consisted of the average for the 
project for each year. Data for Interstate, state , and U.S. 
routes were analyzed separately. 

Change in Roughness Caused by Overlay 

Included in the analysis of the change of roughness are all 
overlay projects performed since 1972. The initial roughness 
after an overlay is modeled as the roughness before the over
lay minus the reduction in roughness caused by the overlay. 
The data were analyzed by using various statistical models. 
The level of roughness after overlay and the change in rough
ness caused by the overlay were used as dependent variables. 
The roughness before overlay, thickness of overlay, and type 
of surfacing layer were used as independent variables. 

A multiple regression analysis was performed to define 
equations for the change in roughness. Only routes with 
roughness of more than 100 in. per mile before overlay were 
included in the regression analysis. The smooth pavements 
were removed from the analysis to avoid placing an artificial 
limit on the change in roughness that could be obtained with 
an overlay. For each highway type , there was a strong rela
tionship between the change in roughness and the roughness 
before overlay. 
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The reduction in roughness caused by overlays versus the 
roughness before overlay is shown in Figure 3 for Interstate 
highways. There is a definite trend between the change in 
roughness and the roughness before overlay. This trend is 
expected simply because there is a greater opportunity to 
improve the roughness of rough roads than to improve the 
roughness of smooth roads. It is interesting to note from this 
graph that several routes with relatively low roughness were 
overlaid. Similar trends were also obtained for U.S. and state 
routes. 

An indicator variable was used to determine if the con
struction project included an asphalt concrete friction course, 
ACFC. All Interstate projects had ACFC layers, so this factor 
could not be evaluated for Interstates. ACFC layers were used 
on about one-third of both U.S. and state routes. The regres
sion equations for change in roughness are 

6.R = -61.76 + 0.940Rb 

6.R = - 78.82 + 0.900Rb + O.l04KRb 

6.R = -97.12 + 0.938Rb + O.l53KR,, 

R2 = 0.86 

R2 = 0.88 

R2 = 0.89 

(1) 

(2) 

(3) 

for Interstates, U.S. routes, and state routes, respectively, 
where 

6.R = roughness before overlay - roughness after overlay 
(in./mi); 

Rb = roughness before overlay (in./mi); 
K = ACFC indicator; 
K = 1 if ACFC was placed; and 
K = 0 for no ACFC. 

It is interesting to note that the slope of tue relationship 
between the change in roughness and the roughness before 
overlay is almost identical across the three highway types. 
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The change in roughness versus overlay thickness is shown 
in Figure 4 for Interstate highways. This figure does not show 
any identifiable correlation between overlay thickness and the 
change in roughness caused by the overlay. Again, similar 
trends were obtained for U .S. and state routes. 

Rate of Change in Roughness 

For each project a regression analysis was performed between 
roughness and time to find the rate of increase of roughness 
(inches per year) after an overlay. For projects overlaid before 
1972, the rate was calculated using the data between 1972 and 
1987 because no roughness data before 1972 were available. 
A linear model was used for the change of roughness versus 
time. Nonlinear models were tested, but they led to improved 
correlation. The slope of the relationship between roughness 
and time was used to define the rate of change in roughness. 
Figure 5 shows a typical relationship between roughness and 
years since overlay for Interstate highways. U.S . and state 
routes provided similar trends. 

For most projects, there was a strong correlation between 
roughness and time. The average changes in roughness per 
year in inches per mile, as measured with the Maysmeter, are 
6.7 for Interstates, 5.1 for U.S. routes, and 5.8 for state 
highways. 

The independent variables available in the data base were 
the regional factor, ESAL, structural number, and the overlay 
thickness. Graphs of the rate of change of roughness (inches 
per year) and the above variables for Interstates, U.S. routes, 
and state routes were analyzed but did not show any specific 
trends. A multiple regression analysis was performed for each 
class of highway taking the rate of increase of roughness as 
the dependent variable and the regional factor, ESAL, struc-
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FIGURE 3 Reduction in roughness caused by overlay versus roughness before for 
Interstate highways. 
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FIGURE 4 Reduction in roughness caused by overlay versus overlay thickness for 
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tural number, and overlay thickness as independent variables. 
Forward stepwise regression analyses were performed but no 
correlations were detected . 

Since none of the independent variables was correlated with 
the rate of change in roughness, models could not be devel
oped for predicting the increase in roughness as a function of 
pavement design variables. Hence, the average rate of change 
in roughness for each highway type can be used for estimating 
the performance of overlays . 
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Overlay Life 

The conceptual model used to develop the roughness model 
is shown in Figure 6. The life of an overlay may be estimated 
by 

(4) 
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FIGURE 5 Typical rate of change of roughness versus time for an Interstate 
overlay project. 
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FIGURE 6 Conceptual model for roughness. 

where 

N = life of overlay until roughness failure in years; 
RL = limiting criteria for roughness (in./mi); 
Rb = roughness before overlay (in./mi); 

tJ.R = predicted change in roughnes caused by overlay 
(in./mi); and 

C = rate of change in roughness per year. 

The roughness of the section to be overlaid (Rb) is deter
mined by direct mea. urement with the May meter. Alter· 
natively, Rb may be determined from the ADOT PMS data 
base. The change in roughness (tJ.R) is estimated with Equa
tion 1, 2, or 3 for Interstate, U.S., or state routes, respectively. 
The roughness level corresponding t the failure of the overlay 
is designated by RL. Using relation ·hip previou ly developed 
by ADOT RL would equal 260 for a present ·erviceability 
rating (PSR) of2.5, and 190 for a P~R of 3.0 (7). The election 
of an RL value i. a policy deci ion by ADOT and is in line 
with the procedures used in the department's pavemem man
agemcm system . The value of RL can be selected a a function 
of highway type . 

Since Equation 4 is not a function of overlay thickne s, it 
cannot be used to determine the thickness requirements directly. 
In other words, previous experience with Arizona highways 
indicates that any practical overlay thickness will support 
approximately the ame number of load application before 
reaching the roughness fai lure condi tion. Since the normal 
overlay design life in Arizona is lO year -, Equati · n 4 can be 
u ed to check if a 10-year life is foa ible. If the roughnes 
equation re ults in an overlay life f 10 years or more, the 
roughne. s model i ati fi ed and the overlay is later designed 
for a 10-year life u ing the fatigue model. On the other hand , 
if the roughness equation re ults in a predicted overlay life 
of les than 10 ye<irti , this shorter life i u d as the fatigue 
life for the fatigue deformation model unless milling or another 
special treatment is used. 

Fatigue Model 

The evaluation of fatigue life for asphalt concrete pavements 
is complex and has been the subject of ·tudy by a number of 
researcher for many years (11). The form of the farigue rela
tions in common use is derived from a logarithmic relation 
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between strain and the number of load cycles to fatigue fail
ure. The relations between the logarithm of strain and the 
logarithm of load cycles are considered t be linear for a phalt 
concrete, which results in the following general equation: 

(5) 

where 

N, = number of load cycles at strain level i until fatigue 
failure, 

E; = calculated tensile strain at the bottom of asphalt 
layer, and 

K 1 , K 2 = empirical material constants. 

A very important problem with this form of fatigue life 
characterization is the extreme sensitivity of the equation to 
small variations in K 2 • A number of fatigue models have been 
developed in previou · studie as ·hown in Figure 7 (J J). The 
slope · (K2) of the e logarithmic functions hown in Figure 7 
range between 2.70 and 5.51 with an average value of 3.84. 

Model Development 

he fatigue model developeu in this study is based on data 
obtained from the 20 selected sites and the fatigue model 
previously developed by other researchers (Figure 7). Using 
the 20 Arizona sites, the first step was to compute the cumu
lative ESALs in the design lane that were applied on the first 
AC layer , the fir l overlay (if any), the second overlay (if 
any), and o on. 

Because each site has environmental conditions different 
from those of other sites, the ESAL data had to be normal
ized. The regional factor that is current ly u ed by ADOT was 
elected as an adjustment factor to account f r th difference 

in environmentill conditions among variou sites (12). It was 
further assumed that the regional factor changes the effect of 
traffic loads in a linear manner. 

Another adjustment that had to be considered wa because 
of the tensile strain at the bottom of the AC layer caused by 
standard wheel load changes when the pavement is overlaid. 
In other words, changing the pavement cross-section changes 
the strain level that the pavement is exposed to when the 
same load is appli d at the pavement surface. Therefore, the 
ESAL application had to be adjusted to a single strain level 
for each site. 

For the original pavement, the critical strain for fatigue is 
at the hottom of the AC layer and when an overlay is placed, 
the critical strain is still at the bottom of the original AC layer 
(as long as there is no cracking); however the strain is reduced 
becau e of the verlay. In this case Equation 5 becomes 

Ni= Ki (tr2 

N2 =Ki (tr2 

(6) 

(7) 
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FIGURE 7 Some fatigue relations obtained by other researchers (11). 

From Equations 6 and 7, 

(8) 

where E1 and E2 are the strains at the bottom of the original 
AC before and after overlay, respectively. Thus, the ESAL 
after overlay has to be adjusted according to Equation 8, then 
added to the ESAL before overlay to calculate the total ESAL 
that is matching the tensile strain before overlay (reference 
strain). The K 2 value was taken as 3.84, which is the average 
of K 2 values of existing fatigue functions (11). If the old AC 
layer is cracked, the ESAL before overlay cannot be added 
to the ESAL after overlay and the periods before and after 
overlay have to be treated separately. In this study the AC 
layer was considered to be cracked if cracking was 10 percent 
or more. It was also assumed that cracking is caused only by 
fatigue. 

The tensile strain was calculated by using the Chevron com
puter program (9) for a standard dual-tire load of 9,000 lb 
and a tire pressure of 100 psi. The back calculated layer moduli 
previously obtained and adjusted to a standard temperature 
of 70°F were used. No adjustment was used for tire pressure 
since the tire pressure in Arizona has not changed significantly 
in recent years, with an average value in the high 90s and an 
80th percentile of slightly more than 100 psi (13). In addition, 
the FHW A study (14) showed that the strain at the bottom 
of the AC layer is not largely affected by minor changes in 
tire pressure. 

The total adjusted cumulative ESAL was plotted versus the 
reference tensile strain using a log-log scale as shown in Figure 
8. A straight line (fatigue function) was selected close to the 
upper boundary of the band of previous fatigue functions (11) 
with a slope of 3.84. This selected fatigue line lies above most 
of the uncracked pavement sections, which indicates that 

uncracked sections have some remaining life. A few uncracked 
sections lie above the fatigue line, and several cracked sections 
lie below the line, which indicate some discrepancies. These 
discrepancies are, however, considered acceptable. The equa
tion of the selected fatigue function is 

( )

3 .84 

N = 9.33 x 10-7 -
1
-

EAc 
(9) 

where 

N = theoretical number of ESAL repetitions until fatigue 
failure, and 

EAc = tensile strain at the bottom of the AC layer. 

Equation 9 is valid for various conditions such as various 
regions and temperatures because these conditions were nor
malized to standard conditions. Therefore, if the tensile strain 
at the bottom of the AC layer is known under these standard 
conditions, the number of ESAL repetitions until fatigue fail
ure can be computed. 

Use of the Fatigue Model 

To use the fatigue model, a multilayer elastic program such 
as Chevron can be used to compute the tensile strain at the 
bottom of the AC layer caused by a 9,000-lb dual-tire load. 
The layer moduli can be obtained from the FWD back cal
culation as discussed earlier. 

In many cases the pavement is overlaid before it is signif
icantly cracked. Therefore, the remaining fatigue life of the 
existing pavement has to be considered and added to the 
overlay life. This calculation can be accomplished by using 
the concept of cumulative damage (Minor's law) (15). Thus, 
the optimum overlay thickness is the one that satisfies the 
following equation. 
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FIGURE 8 Asphalt concrete tensile strain versus strain repetitions for the 
20 test sites. 

(10) 

where 

n, actual cumulative ESAL in the design lane before 
overlay, 

N 1 allowable cumulative ESAL in the design lane before 
overlay, 

n2 = actual cumulative ESAL in the design lane after over
lay, and 

N2 = allowable cumulative ESAL in the design lane after 
overlay. 

To reach this optimum overlay thickness, trial thicknesses 
can be used and the corresponding cumulative ESALs for 
each overlay can be computed. A polynomial equation is then 
fitted to compute the optimum overlay thickness that matches 
the expected ESAL. 

If the existing pavement has been previously overlaid more 
than once and cracking has not reached 10 percent, the cumu
lative fatigue is added for each AC thickness. In all cases, the 
tensile strain is computed at the bottom of the original AC 
layer. 

On the other hand , if the old pavement (before overlay) is 
cracked (10 percent or more), it is assumed that the old AC 
layer will not contribute to the cumulative fatigue life after 
overlay. Therefore, the tensile strain is computed at the bot
tom of the overlay, and the modulus of the original asphalt 
surface is assumed to be 40,000 psi. 

Plastic Deformation Model 

Damage to a pavement structure can arise through a variety 
of mechanisms , including plastic deformations in the layers 
of the structure. The ultimate result of these deformations 
may be cracking, rutting, or simply the development of exces-

sive roughness. However, the initial cause being considered 
in this part of the design process is plastic or permanent defor
mations. 

This design model deals only with plastic deformations in 
layers below the AC surface layer. It is assumed that plastic 
deformations in the overlay layer will be reduced or prevented 
by improvements in mix design and construction techniques. 

In the plastic deformation model, attention is devoted to 
the plastic strains that are permanent, i.e., not recoverable. 
However, permanent deformations are much more trouble
some to measure in the field than total deformations (elastic 
and plastic). It has therefore been assumed that the onset of 
significant plastic deformation corresponds to the onset of 
nonlinear load deflection response. In other words, as long 
as the load deflection curve is linear, it is assumed that the 
plastic deformations are negligible. 

Two types of nonlinearity may arise: strain hardening or 
strain softening. Strain-hardening nonlinearity is believed not 
to represent a problem to plastic deformation. Therefore, only 
strain-softening nonlinearity is considered in this model. 

Based on data examined to date, it is believed that most 
pavement sections under consitleralion for an overlay have 
sufficient factor of safety in the structural design that plastic 
deformations are unlikely to be a source of problem. This 
part of the design procedure is intended to detect and correct 
those few cases in which vulnerability to excessive plastic 
deformations is indicated by the FWD test results . Thus, the 
objective of this design procedure may be stated as follows. 
When the pavement gets older, the ability of the pavement 
surface to spread the load to the underlying layers may be 
decreased because of cracking or other surface failures. In 
addition , the pavement might be subjected to heavier traffic 
loads in the future that have not been applied before. There
fore, the objective of plastic deformation design is to provide 
sufficient overlay thickness that expected traffic loads will not 
induce significant plastic deformations in the underlying layers. 

The design procedure is based on the assumption that the 
onset of significant nonlinear response can be measured directly 
with the FWD test. The load corresponding to the onset of 
significant nonlinear response is designated FNL· The exact 
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point at which deviation from linear behavior occurs is difficult 
to select. Therefore, FNL has been defined as the load at which 
the load deformation curve deviates 10 percent, measured 
horizontally, from the straight-line extension of the early por
tion of the curve, as shown in Figure 9. 

The detailed step-by-step procedure for the plastic defor
mation overlay design is as follows. 

1. Input existing pavement structure geometry, moduli from 
back calculation analyses, and highway type (Interstate, U. S., 
or state). 

2. Input FWD data for loads from 6 kip to 15 kip or more. 
Use 6- 12-kip data to establish the straight line (least-squares 
fit) and check the higher loads for deviation from the straight 
line at each sensor. 

3. If none of the loads shows 10 percent or more deviation, 
report that FNL is greater than the maximum FWD applied 
load and bypass plastic deformation design. If one or more 
loads show deviation 2:::10 percent, proceed to step 4. 

4. Use linear interpolation to find the load corresponding 
to 10 percent deviation (FNL). 

5. In comparing the stress states, several different stresses 
at various points in the underlying layers were considered. 
The maximum octahedral shear stress, (T0 c1)ma» in the subgrade 
was chosen because it reflects all the components of the stress 
tensor (16). Therefore, use Chevron program with FNL applied 
to the FWD plate to calculate the maximum T 0 e1 that occurs 
in the subgrade. 

6. Determine the design load (Fdes), which is the load on 
a dual wheel that can be used in checking the adequacy of a 
trial overlay design thickness. The value of Fdes is chosen so 
that the probability of an actual dual wheel load exceeding 
this value is very small. The degree of conservatism in thi 
part of the design can be controlled through the choice of this 
probability. A sample of axle loads obtained from Arizona 
highways showed that the selected probabilities were 0.00001, 
0.00008, and 0.00008 for Inter tate, U.S., and state highways, 
respective ly. These probabilities resulted in an expected num
ber of dual wheel load values exceeding Fdes of about seven 
in 1 year. 

7. Use Chevron program with Fdes applied to a dual wheel 
and calculate the maximuin T0 c1 in the subgrade. 

A 

LOAD 

DEFORMATION 

FIGURE 9 Nonlinearity of underlying layers and definition of 
onset of significant nonlinear response. 
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8. H -r,"1 caused by F,1<-< is less than or equal to -r0 c1 caused 
by FNL report this fact and bypass plastic deformation de ign. 
If not, proceed to step 9. 

9. With the overlay obtained from fatigue analysis in place , 
use Chevron program with F,,., applied to a dual wheel and 
calculate -r0 cr in the subgrade. 

10. If T0 c1 in step 9 is less than or equal to T because of F Nu 

the pavement is safe against plastic deformation with the over
lay. If T0 c1 in step 9 is more than 'T 0 c1 caused by FNL> proceed 
to step 11. 

11. Increment the thickness of the overlay in steps until -r0 c1 

caused by Fd,,, is equal to T0 c1 caused by FNL· 

The preceding step-by-step procedure including compu
tation of TQ<I ha been programmed in the CODA program . 
The needed parameters have been fixed and the entire plastic 
def rmation design procedure ha. been automated. The u er 
i. required only to input the data indicated in tep l and 2. 
Of cour e, modifications to the • fixed value ' can be made 
readily to the program if desired. Users who desire to u e the 
plastic deformation model independent of the fatigue analy is 
should proceed to step 11 after tep 8. 

It should be noted that the plastic deformation model deserves 
to be cal.led mechanistic becau e it add.re es permanent 
defonnation a particular mechanism of damage. Even though 
ome plastic deformation occurs with every l ad application, 

the intent of this procedure i to keep the plastic deformation 
small . Thi intention corresponds to an attempt to maintain 
the deformations almo t entirely within the ela tic range. An 
extension of this method to include an e timate of th "expected 
life ' of a pavement structure with respect to plastic defor
mation, i theoretically possible. However, the art and science 
of predicting pla tic deformations is not sufficiently well devel
oped to ju ·tify thi extension at the present time. 

Complete Overlay Design 

The three models-roughness, fatigue and pla tic defor
mation-were incorporated in the overlay microcomputer 
program ODA. The traffic load requirement in this method 
of overlay de! ign i · the cumulative 18-kip ESAL in the design 
lane during the de i~n period. ome exi ting pavement con
dition parameter are also needed, uch a May meter rougb
ne reading and cracking. Pavement layer thickne ·se , mate
rial type previ.ous overlays, if any and year of con truction 
are also needed. 

ince both fatigue and plastic deformation models require 
the knowledge of pavement and ubgrade layer moduli the 
first step in the procedure is lo run the FWD test on the 
pavement section under con ideration. The fatigue mod I 
requjres performing the FWD te t at a load level of 9 0 0 lb 
only, wherea thepla tic deformation model (if used) requires 
ruJming the FWD tc tat several load levels as discus ed earlier. 

The FWD deflection data at a 9,000-lb load level are further 
used to back calculate the pavement and ubgrade .layer mod
uli. Since the modulu. of the AC layer is significantly affected 
by temperature a subroutine wa develope I in th CODA 
program to adjust the A modulus to a standard temperature 
of 70°F based on the AA HTO guide (6). 
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In addition to overlay design, other features have been 
incorporated in the ODA program , uch a. the ability to 
compute the remaining life of an exi ting pavement , the life 
of a u er-specified overlay, and economic analysis. 

The CODA method of design bas been verified wilh cypicaJ 
pavement ·ections in Arizona. Although the I ng-rerm field 
performance bas not been evaluated , preliminary evaluations 
in<lir.::ire that the results are reasonable. A computer work
station has been developed to automate the design process, 
extract the required data from the data base files directly, 
and au w a u ·er-friendly procedure. 

Although the ODA procedure in it current form appli 
to Arizona conditio.n only the design concepts can be u ed 
with other conditi.on . For example, the rale of change of 
roughness, the rate of crack development, and axle load dis
tributions can be changed to match the conditions in other 
states. 

SUMMARY AND CONCLUSIONS 

In this study a rational overlay de ign method for flexible 
pavements in Arizona ha. been developed . The method com
bine mechanistic approaches and historical performance of 
pavemenr in the state. Three mode l were developed for 
de ign: roughness fatigue, and pla tic deformation . The 
roughness model i based on the trend of the Maysmeter 
roughnes · data of overlaid pavi;ment in the. late. The fatigue 
model considers the fatigue experience of pavement in the 
state as well as fatigue criteria developed by others. The plas
tic deformation model ensure that the expected traffic loads 
will not induce significant plastic deformations in the under
lying .layers. 

The developmen t of the metbod involved coring and sample 
collection, laboratory testing, statistical analyse · and com
puter programming. Twenty in-service pavement sire were 
selected from Arizona highways covering various geograph
ical and environmental regions, soil types, pavement condi
tions, and traffic volumes. FWD and Dynaflect lestli were 
perfonned and the layer moduli were back calculated. In 
addition, re ilient moduJi were also evaluated in the labora
t0ry. The back calculated and laboratory moduli were com
pared and found to be not well corre:lated. lt wa concluded 
that the back calculated moduli from the FWD are more 
representative of field condition than of laboratory m duli. 
Application of the design method ODA requires FWD data 
but no ample collection or laboratory te ting. 

The overlay de ign method deve loped in this tucly was 
incorporated in a user-friendly microcomputer program . Th 
method was verified on typical pavement ection and found 
to provicfe reasonable result . Allbough the method is based 
on data obtained from Arizona the design concepts can be 
applied to conditions in other states. 
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MICH-PA VE: A Nonlinear Finite Element 
Program for Analysis of 
Flexible Pavements 

RONALD s. HARICHANDRAN, MING-SHAN YEH, AND GILBERT Y. BALADI 

A nonlinear mechanistic finite element program called MICH
p A VE has been developed for use on personal computers to aid 
in the analysis and design of flexible pavements. The program 
has three major features. First, it utilizes a newly developed flex
ible boundary concept for pavement analysis. Second, it uses 
performance models for the prediction of fatigue life and rut 
depth, utilizing results of the mechanistic analysis (stresses, strains, 
and other pavement variables). Third, it is "user-friendly." The 
program was developed for the Michigan Department of Trans
portation and is in the public domain. The methodology used, 
and the features of the program, are described. 

More and more in recent years pavement design is being based 
on mechanistic analysis. The migration from empirical meth
ods to mechanistic analysis has been facilitated by the avail
ability of relatively inexpensive microcomputers that can be 
used in daily practice. Early computer programs for mechan
istic analysis (such as CHEV5L, BISAR, ELSYM5, etc.) 
modeled pavements as being composed of linear elastic layers 
and computed deflections, stresses, and strains within a pave
ment arising from a wheel load. In these programs each pave
ment layer is assumed to extend infinitely in the horizontal 
directions, allowing the three-dimensional problem to be 
reduced to an axisymmetric two-dimensional problem. Because 
of the linear elastic assumption, multiple wheel loads can be 
analyzed by superposing the results from single wheel loads. 

The main drawbacks of these linear elastic layer programs 
are that 

• They cannot model the nonlinear resilient behavior of 
granular and cohesive soils; 

•They normally assume weightless pavement material; 
• They may yield tensile stresses in granular material, which 

cannot physically occur; and 
• They do not account for "locked-in" stresses from com

paction during construction. 

To overcome these shortcomings, nonlinear analysis programs 
based on the finite element method have been developed 
(e.g., ILLI-PAVE). However, because of the large memory 
and computational effort requirements, these programs pri
marily have been implemented on mainframe computers. Fur-
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ther, the interaction of the user and these programs, in terms 
of data input and interpretation of the output, is not "friendly," 
making their use in daily practice undesirable. 

For most state highway agencies, a "user-friendly" flexible 
pavement program that can be used for the design or reha
bilitation of flexible pavements in daily practice is desired. 
This program should consider all the major factors affecting 
the design or rehabilitation of pavements. To achieve this, a 
research study was sponsored by Michigan Department of 
Transportation (MDOT). The main goal of this research was 
to review existing analysis and design methods and then to 
develop a user-friendly nonlinear finite element program that 
can be used on personal computers in daily practice. Since 
current personal computers have limited memory capacities, 
the traditional finite element method, which requires a large 
amount of memory, cannot be suitably implemented on them 
unless accuracy is sacrificed. To overcome this shortcoming, 
Harichandran and Yeh (1) proposed a new technique of plac
ing a relatively shallow finite element mesh on a flexible 
boundary. This technique substantially reduces the memory 
and computational requirements of the nonlinear finite ele
ment method without sacrificing accuracy. In this research, 
this technique is implemented with user-friendly input and 
output features, to develop a nonlinear finite element pro
gram for the analysis and design of flexible pavements. The 
program has been named MICH-PAVE. 

MATERIAL NONLINEARITY 

There are many nonlinear material models that may be used 
in mechanistic analysis. Four suitable models-the hyper
bolic, the resilient modulus, the shear and volumetric stress
strain (also called the contour model), and the third-order 
hyperelastic models-were reviewed (2-7). Of these, the 
resilient modulus model was chosen as the most suitable at 
the present time. This choice is based on the applicability of 
the model to repeated loading patterns experienced by pave
ments, and on the relative ease of determining the model 
parameters by state highway agencies. The resilient modulus 
model characterizes the resilient stress-strain properties of 
soils through a stress-dependent modulus and a constant Pois
son ratio. 

For granular soils, the resilient modulus is characterized as 

(1) 
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Log Bulk Stress (Log 9) 

FIGURE 1 Resilient modulus model for granular material. 

where M, = resilient modulus (psi), 0 = u, + rr2 + rr3 = 
bulk stress (psi), and Ki and K2 are material constants. This 
relationship is illustrated in Figure 1. 

For cohesive soils, the resilient modulus is expressed through 
the bilinear relationship 

for K i > (rr1 

for K i :5 (rr1 

(2) 

where (rri - rr3) = deviator stress (psi), and K,, K 2 , K3 , and 
K 4 are material constants. This relationship is illustrated in 
Figure 2. 

If the finite element method is used with only the resilient 
modulus model, it will converge extremely slowly . Therefore, 
Raad and Figueroa (8) applied the resilient modulus model 
with the Mohr-Coulomb failure criterion. The Mohr-Coulomb 
failure criterion is used to modify the principal stresses of 
each element in the granular layers and roadbed soil after 
each iteration so as not to exceed the Mohr-Coulomb failure 
envelope. Thompson (9) used this algorithm in the ILLI
PA VE program. A similar algorithm was developed for MICH
PAVE. 

FEATURES OF THE MICH-PAVE PROGRAM 

The MICH-PA VE program is capable (depending on the user's 
choice) of performing either linear or nonlinear finite element 
analysis of flexible pavements. It assumes axisymmetric load
ing conditions arising from a single circular wheel load on 
pavement layers of infinite horizontal extent. The various 
features of the program are described in this section . Tech
nical details and results from various sensitivity analyses can 
be found elsewhere (10,11). 

Mesh Generation and Flexible Boundary 

The finite element method needs to satisfy some basic require
ments for the mesh, such as the location of the side and bottom 
boundaries, the size and shape of the elements, and the dis
tribution of the elements in the various regions . To establish 
criteria for locating the boundaries in a finite element mesh, 
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FIGURE 2 Resilient modulus model for cohesive material. 

Duncan et al. (12) showed comparisons between displace
ments and stresses computed using the finite element method 
and those computed using elastic half-space and layered sys
tem analysis. 

For an elastic half-space subjected to a uniform circular 
load, displacements and stresses computed by the finite ele
ment method compare well with those determined from the 
Boussinesq solution, when 

• the bottom boundary in the finite element mesh is fixed 
at a depth of about 18 radii of the loaded area ; and 

• the vertical side boundary is located at a distance of about 
12 radii from the center and constrained from moving radially. 

For a three-layered system, a reasonable comparison between 
the two procedures can be obtained if the bottom boundary 
in the finite element mesh is moved to a depth of about 50 
radii, while maintaining the side boundary at 12 radii. 

Previous experience has shown thal stresses based on quad
rilateral elements will be accurate provided that the length
to-width ratio for the elements does not exceed five to one. 
Furthermore, smaller elements should be used close to the 
loaded area, and progressively larger elements may be used 
in the regions away from the loaded region. 

Based on the above considerations and experience, the fol
lowing mesh generation rules were used. In the radial direc
liun, a mesh wilh a Lota! width of 10 radii was divided into 
four zones. The first zone, between 0 and 1 radius , is equally 
divided into four elements; the second zone, between 1 radius 
and 3 radii, is equally divided into four elements; the third 
zone, between 3 radii and 6 radii, is equally divided into three 
elements; and the fourth zone, between 6 radii and 10 radii, 
is equally divided into two elements. The MICH-PAVE pro
gram will automatically generate the default values of the 
finite element mesh along the radial and vertical direction. A 
typical mesh is shown in Figure 3. 

In the MICH-PA VE program, a flexible boundary is used 
instead of a fixed bottom boundary. Therefore, a mesh that 
is 50 radii deep is not required. Normally when a mesh depth 
of about 10 radii is used, sufficiently accurate results will be 
obtained. In general, if the flexible boundary is located too 
close to the top of the roadbed soil, the displacements may 
still be accurate, but the stresses may not be. If the boundary 
is placed too deep, the primary advantages of using the flex
ible boundary are lost . The flexible boundary is usually placed 
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FIGURE 3 Typical finite element mesh. 

at about 12 in. below the upper surface of the roadbed soil, 
or at a depth of 50 in., whichever is greater. In the MICH
PA VE program, the depth at which the flexible boundary is 
placed is specified by the user, by inputting the depth of the 
roadbed soil to which stress and strain calculations are required. 
If the boundary is placed at a depth of Jess than about 50 in., 
then the stresses still will be accurate, but the vertical deflec
tions may be overestimated. 

Modulus of Half-Space Below Flexible Boundary 

The half-space below the flexible boundary is assumed to be 
homogeneous and linear elastic. The boundary is therefore 
always placed within the last layer (roadbed soil). Although 
the modulus of the roadbed soil below the boundary may in 
reality be stress dependent and vary from one location to 
another, in most pavement. sections the stresses from wheel 
loads are substantially diminished at the level of the roadbed 
soil. Thus, the use of a constant modulus below the boundary 
has a negligible effect on the stresses and displacements above 
the boundary. In MICH-PAVE, the modulus used for the 
half-space below the boundary is the average moduli of the 
finite elements immediately above the boundary. To avoid 
undesirable "edge effects," the elements closest to the right 
vertical boundary are not used in computing this average. 

Gravity and Lateral Stresses 

The MICH-PA VE program includes the effect of gravity and 
lateral stresses arising from the weight of the materials. At 
any location within the pavement, the vertical gravity stress 
(cr8) is computed as the accumulation of the layer thicknesses 
multiplied by the appropriate unit weights . 

The lateral stress (crh) is calculated from the coefficient of 
earth pressure at rest (K0 ) and vertical gravity stress, as 

(3) 

where 

K 0 = 1 - sin <!> for cohesionless soil and gravel; 
K 0 = 1 - 0.95 sin<!> for cohesive soil; and 

<!> = angle of internal friction. 

To approximately account for "locked-in" stresses caused 
by compaction, the user can input a value for K 0 higher than 
the coefficient of earth pressure at rest. 

Iterative Solution and Convergence Criterion 

MICH-PA VE performs nonlinear analysis by the following 
steps: 

1. Initially, the wheel load at the surface is assumed to 
spread over a 2:1 region (i.e., the radius of the loaded area 
is assumed to increase by 1 in . for every 2 in. of depth). The 
stresses arising from this assumed distribution of the wheel 
load are combined with gravity stresses , to compute the initial 
resilient moduli for each of the finite elements in granular 
and cohesive materials. 

2. A linear analysis is performed, and a more accurate stress 
distribution is computed. 

3. For those elements that exceed the Mohr-Coulomb fail
ure criterion, the computed stresses are adjusted according 
to the procedure outlined by Raad and Figueroa (8). 

4. A new value of the resilient modulus is computed for 
each element based on the latest stresses. 

5. Convergence in the resilient moduli is checked by com
puting the relative error, e = l (M,,, - M,,,_ 1)2/l M;.,_,, 
where M,,, are the current resilient moduli, M,,,_ 1 are the 
previous resilient moduli, and the summations are taken over 
all nonlinear elements. 

6. Steps 2 through 5 are repeated until the relative error e 
is less than 0.001. 
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7. Displacements, strains, and stresses are then computed 
at all specified locations, and the fatigue life and rut depth of 
the pavement are estimated. 

Interpolation and Extrapolation of Stresses and 
Strains at Layer Boundaries 

For a pavement section in which various layers are fully bonded 
(i.e . , when no slip occurs at layer boundaries), quantities such 
as the vertical and shear stresses and the radial and tangential 
strains should be continuous across layer interfaces. However, 
because of the low-order interpolation functions chosen in the 
finite element approach, these quantities are not continuous 
across element boundaries. Thus, if these quantities are esti
mated by finite element approach at two adjacent points across 
an interface, the results will show an apparent discontinuity 
that is an artifact arising from the error in the finite element 
method. This result is undesirable and can be overcome by 
using linear interpolation to estimate these quantities at an 
interface from those at the middle of the adjacent elements. 
For example, if a 1 is the stress at the center of an element 
immediately above the interface and a 2 is the stress at the 
center of an element immediately below the interface, then 
the stress at the interface obtained by linear interpolation is 

(4) 

where z1 and z2 are the depths of the points at which a 1 and 
a 2 are evaluated, and z is the depth of the interface. 

Smee the finite element approach gives accurate estimates 
of stresses and strains at the center of elements, but can yield 
significant error at element edges, even those stresses and 
strains at the interfaces that are discontinuous across the inter
face can be in significant error. For quantities such as the 
radial and tangential stresses that are discontinuous across an 
interface, it is possible to estimate their values at one side of 
the interface by linear extrapolation of the values at the center 
of two elements on that side of the interface. For example, 
if a 1 and a 2 are stresses at the center of two consecutive 
elements below (or above) an interface, then the linearly 
extrapolated stress at the lower (or upper) side of the interface 
is also given by Equation 4, where z1 and z2 are the depths 
of the points at which a 1 and a 2 are estimated, and z is the 
depth of the interface. 
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Finally, based on prior knowledge of the solution (vertical 
and shear stresses must be zero at the surface, except for the 
vertical stress below the wheel load, which must be identical 
to the tire pressure), the surface stresses are arbitrarily set to 
their proper values in MICH-PA VE. 

The improvement in accuracy obtained through interpo
lation and extrapolation is illustrated by considering a typical 
pavement section for linear analysis using the MICH-PAVE 
and CHEVSL programs. (Results from CHEVSL are accurate 
for linear analysis and are used as the benchmarks.) In this 
example, a wheel load of 9,000 lb and a tire pressure of 100 
psi were used, with material having the following material 
properties: Layer 1-AC, E = 300,000 psi, v = 0.4; thickness 
= 8 in.; Layer 2-Base, E = 20,000 psi, v = 0.38, thickness 
= 12 in. ; and Layer 3-Roadbed soil, E = 8,000 psi, v = 

0.45, semi-infinite depth. 
A comparison of stresses computed by CHEV5L, and by 

MICH-PAVE before and after extrapolation, are given in 
Table 1. Since the materials are assumed to be weightless, 
gravity stresses are neglected in both programs. Similar com
parisons for stresses computed before and after interpolation, 
and adjustment of surface stresses, are given in Table 2. The 
plus and minus symbols used for depth indicate points just 
above and below interfaces. It is clear that interpolation and 
extrapolation improve the accuracy of these stresses. Similar 
improvements are obtained for strains. 

Equivalent Resilient Moduli for Linear Analysis 

In some cases it may be desirable to compare the results of 
nonlinear finite element analysis with those from a linear 
analysis or those of elastic layer programs such as CHEV5L, 
or to utilize the speed or multiple-wheel load capabilities of 
existing linear analysis programs. In such cases it would be 
desirable to input to the linear program an equivalent resilient 
modulus for each layer that reflects the true stress-dependent 
variation of the modulus within the layer. The equivalent 
moduli can be estimated from a nonlinear finite element anal
ysis, using the various resilient moduli in each finite element. 

MICH-PA VE computes an equivalent resilient modulus for 
each pavement layer that is obtained as the average of the 
moduli of the finite elements in the layer that lie within an 
assumed 2:1 load distribution zone, as shown in Figure 4. The 
average moduli of those elements within the regions ABGH, 
BCFG and CDEF are taken as the equivalent moduli for 
layers 1, 2 and 3, respectively. 

TABLE 1 COMPARISON OF RADIAL AND TANGENTIAL 
STRESSES AT 67 IN. FROM THE CENTER OF THE LOADED 
AREA 

Depth Radial stress (psi) Tangential stress (psi) 

(in) Before After CHEV5L Before After CHEV5L 

0 -199 02 -167 . 91 -172 . 8 -199.02 ·16 7. 91 -173 . 0 

8(+) 124 . 65 106. 31 111 . 6 124' 65 106.31 111. 9 

8 ( - ) 1 84 0 , 35 0 . 22 1.84 0 . 35 0. 24 

20(+) 2 . 53 2 . 49 3 . 52 2 . 53 2 . 49 3 . 53 

20(.) -0 . 66 -0 . 47 -0 . 23 -0. 66 -0 47 -0 . 23 



Harichandran et al. 127 

TABLE 2 COMPARISON OF VERTICAL AND SHEAR STRESSES 
AT 67 IN. FROM THE CENTER OF THE LOADED AREA 

Depth Vertical stress (psi) Shear stress (psi) 

(in) Before After 

0 14 3 . 5 7 100 , 0 

8(+) 0 0 12 70 

8 (.) 9 15 12 70 

20(+) 3 . 03 3 . 10 

20(.) 1.61 3 . 10 

The use of equivalent resilient moduli obtained through 
nonlinear analysis utilizing the MICH-PAVE program, in a 
linear program (CHEV5L), is investigated through typical 
examples. 

Tables 3 and 4 show the material properties of a 12-in. full
depth asphalt concrete (AC) section , and a three-layer section 
with 3 in . of AC and 12 in. of granular material on roadbed 
soil (RS). The material properties shown in the tables, includ
ing the modulus , Poisson ratio (v), lateral earth pressure coef
ficient (K0 ), material constants (K1, K2 , K3 , and K4) and den
sity have been obtained previously (5). A cohesion of 6.45 
psi and an angle of friction of 0 degrees were used for the 
roadbed soil in the full-depth section. For the three-layer 
section, c = 0 psi and cl> = 45 degrees were used for the 
granular material and c = 6.45 psi and cl> = 0 degrees were 
used for the roadbed soil. For the granular material and roadbed 
soil, the equivalent resilient moduli are also shown in the 
tables. In the MICH-PAVE analysis, the flexible boundary 
was placed beneath the roadbed soil, at depths of 52 in . and 
60 in. for the full-depth asphalt and three-layer sections, 
respectively. 

The sections were analyzed for a wheel load of 9,000 lb 
and a tire pressure of 100 psi. Figures 5 and 6 show compar
isons of surface deflections for nonlinear analysis using MICH
p A VE, and the linear analysis using CHEV5L with the equiv-

Layer1 

Layer 2 

' I i : . I I ! I , 1 , 
.j ... ... +- .... j .... ........ 1 ...... : ......... - ..................... _ ... .. 

! i ·1 i 2 ! 
! ! i 1 .i .. . .... j .... --~-· .... - .. 1 ....... i.-- . . ........ _ .. _ ........ ...... _, 

I I I ! I 
D I : I I ! 

Layer 3 

Flexible Boundary 

FIGURE 4 Elements used to compute equivalent 
resilient moduli. 
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99 , 7 

12 . 25 

12 . 25 

3.36 

3 , 36 

2. 62 0 , 0 0.0 

3 . 29 2 69 0 55 

0. 65 2 . 69 0.55 

0 . 12 0 . 11 0 , 07 

0 , 07 0 , 11 0 07 

alent moduli. Figures 7 and 8 show comparisons of the vertical 
and radial stresses at 0.5 in. from the center of the loaded 
area. Deflections and stresses computed by the nonlinear finite 
element program ILLI-P A VE are also shown in these figures. 

The results indicate that the use of equivalent resilient mod
uli obtained from nonlinear analysis, in a subsequent linear 
analysis, gives reasonably similar displacements. Notable dif
ferences are obtained in the stresses, because the linear anal
ysis using CHEV5L neglects the weight of the material. In 
particular , linear analysis can give tensile stresses in granular 
soils. 

The stresses computed using MICH-PAVE and ILLI-PAVE 
are almost identical. However, ILLI-PAVE tends to give lower 
surface deflections than MICH-PAVE. Linear analysis, for 
which accurate results can be obtained through CHEV5L, has 
shown that displacements obtained by using a flexible bound
ary (as in MICH-PAVE) are slightly greater and more accu
rate than those obtained by using a deep fixed boundary (as 
in ILLI-PA VE) (10,11) . Using a deep finite element mesh 
tends to produce a "stiffening" effect , resulting in smaller 
displacements. 

For the three-layer pavement, the variation of modulus 
within the granular layer and roadbed soil is shown in Table 
5 for the first eight elements from the left boundary. The 
depth and radial distance to the middle of the elements are 
tabulated. The finite element mesh was similar to that shown 
in Figure 3, except that the thicknesses of the layers are as 
given in Table 4. It is apparent that the modulus decreases 
with depth and radial distance within the granular layer. This 
is because the bulk stress (0) decreases with depth and radial 
distance; hence, according to Equation 1, the resilient mod
ulus follows the same pattern. Within the roadbed soil , how
ever, the modulus increases with depth and radial distance. 
This increase is because the deviatoric stress ( u 1 - u 3) decreases 
with distance away from the wheel load; hence, according to 
Equation 2, the modulus must also do the same. In MICH
p A VE, the modulus of the half-space below the flexible 
boundary is taken to be the average modulus of the elements 
immediately above the boundary. Care must be taken in MICH
p A VE to use a thickness for the roadbed soil that is suffi
ciently deep; otherwise the modulus of the half-space below 
the flexible boundary may turn out to be too small, yielding 
large displacements. It is recommended that the depth from 
the pavement surface to the flexible boundary (which is deter
mined by the user inputs of layer thicknesses including that 
of the roadbed soil) be about 50 in. Larger depths have no 
appreciable effect on displacements. 



128 TRANSPORTATION RESEARCH RECORD 1286 

TABLE 3 MATERIAL PROPERTIES FOR THE FULL-DEPTH AC 
SECTION 

LAyer Thir:-l<'nr:><;;c; M0d11l115 " Ko Kl K, K, K, npn.:; i ry 
Type (inches) (psi) (pcf) 

AC 12 500,000 ' 4 6 7 150 

* RS 40 8,753 .45 . 82 6. 2 3021 1110 · 178 115 

* Equivalent resilient modulus 

TABLE 4 MATERIAL PROPERTIES FOR THREE-LA YER SECTION 

Layer Thickness Modulus v 
Type (inches) (psi) 

AC 3 500,000 . 4 

* Granular 12 22' 543 . 38 

* RS 45 7 ,435 45 

* Equivalent resilient moduli 

Fatigue and Rut-Depth Predictions 

Results from the nonlinear mechanistic analysis, together with 
other parameters, are used as input to two performance models 
(fatigue life and rut depth) derived on the basis of field data 
(13), to predict the fatigue life and rut depth of flexible pave
ments. The models relate the fatigue life and rut depth to the 
number of equivalent 18-kip single-axle loads, surface deflec
tion, moduli and thicknesses of the layers, percent air voids 
in the asphalt, tensile strain at the bottom of the asphalt layer, 
average compressive strain in the asphalt layer, kinematic 
viscosity of the asphalt binder, and average annual air tem
perature. Fatigue life and rut depth are useful design param
eters on which to base the selection of a suitable pavement 
section. 

User-Friendly Features 

MICH-PA VE is designed with menus, data-entry forms, and 
on-screen plots , to facilitate easy input of data and interpre
tation of results. It also has extensive error-trapping features. 
Menus facilitate the selection of various stages of a typical 
pavement analysis, such as the specification of new data, mod-

Ko 

.6 7 

. 60 

82 

K, K, Ka Ka Density 
(pcf) 

150 

5' 000 . 5 140 

6 ' 2 3021 1110 · 178 115 

ification of existing data, analysis, plotting of results, and 
subtasks within these. The spreadsheet-like data-entry forms 
allow input data to be entered or edited easily with no format 
requirements. When possible, suitable data for typical pave
ments are suggested on the screen. New or changed data are 
immediately checked for errors, and the user is prompted for 
corrections. Output from the analysis, such as stresses, strains, 
and displacements at specified locations, is saved in a file and 
may also be plotted on the screen. These features make the 
program easy to use in daily practice. 

The program has been structured and optimized for speed, 
within the memory limitations of present personal computers 
(640 KB RAM). The total analysis time for typical three- and 
four-layer pavements is about 2 and 3.5 minutes, respectively, 
on an IBM AT-compatible computer with an 80287 math 
coprocessor. 

PROGRAM AVAILABILITY 

The MICH-PA VE program is in the public domain and may 
be obtained on request from Larry Heinig, Michigan Depart
ment of Transportation, Division of Testing and Research, 
P.O. Box 30049, Lansing, Mich. 48909. A user's manual is 
also available (14). 
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TABLE 5 VARIATION OF MODULUS (PSI) IN GRANULAR AND 
ROADBED SOIL LAYERS 

Depth Radial Distance from Center of Wheel Load (inches) 
Layer 

(in.) 0 . 67 2.01 3.35 

4.2 36, BOO 35 '400 32 '200 

6 .6 31, 600 30' 500 28' 600 

Gran , 9 . 0 25 '800 25 '200 24,200 

11.4 21,400 21,100 20' 600 

13 8 18' 200 18,100 17' 800 

22 5 5 ,640 5,660 5,690 

RS 37 . 5 7,340 7,350 7' 360 

52 . 5 B, 250 8 '250 8,260 

CONCLUSIONS 

The features and methodology used by a state-of-the-art non
linear finite element program for the analysis of flexible pave
ments , MICH-PA VE , are described. The analysis accounts 
for material nonlinearity, the unbound nature of granular 
soils, and " locked-in" lateral stresses arising from compac
tion . By utilizing a flexible bottom boundary in the finite 
element model, the memory and computational effort required 
by nonlinear analysis are drastically reduced , allowing the 
program to be used on personal computers . The program is 
designed to be user friendly, making it suitable for use in daily 
practice. 

Results from the MICH-PA VE program have been com
pared with those from CHEV5L and ILLI-PA VE. For linear 
analysis, MICH-PA VE and CHEV5L give similar strains and 
displacements. The stresses computed by MICH-PA VE, how
ever, account for the weight of pavement materials that are 
neglected by CHEV5L. For nonlinear analysis, MICH-PAVE 
and ILLI-PAVE give very similar stresses, but displacements 
computed by ILLI-PAVE are smaller than those computed 
by MICH-PAVE. It is believed that the use of a flexible 
boundary in MICH-PA VE alleviates the "stiffening" effect 
that results when a deep finite element mesh with a fixed 
boundary is used . 

A method of obtaining a constant equivalent modulus for 
a pavement layer with a stress-dependent resilient modulus 
is outlined. The equivalent modulus, estimated from the results 
of nonlinear analysis, may be used with linear analysis pro
grams to yield surface deflections that would be similar to 
those computed by nonlinear analysis. 

Results of the mechanistic analysis are used as input to two 
pavement performance models developed using field data . 
The models employ computed stresses and strains , as well as 
the average annual temperature and the kinematic viscosity 
and air voids of the asphalt binder. 
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Extension of Load Equivalency Factors for 
Various Pavement Conditions 

JACOB UzAN AND ARIEH S1nEss 

Analyses of the AASHO Road Test results to derive load equiv
alency factors (LEFs) as a function of pavement condition (pres
ent serviceability index [PSI]) were performed. The results of the 
analyses show that the LEFs are strongly dependent on the pave
ment condition, i.e., LEF values increase as the initial PSI 
decreases. This result may affect the analyses of legal load limits 
and special movement of heavy trucks. To adapt the above results 
to multiple loads, a framework based on limiting the strain at the 
'top of the subgrade and various strain criteria for various PSI of 
the pavement were developed and are presented. A modification 
to the common Miner's law for damage accumulation was cali
brated for tandem axle loads and suggested for use with multiple 
wheel axles. The use of the proposed framework is illustrated for 
single, tandem, and multiple axle loads. The results showed that 
the LEFs of all load configurations are dependent on the con
dition of the pavement. 

State officials who have the responsibility for considering and 
changing the legal load limits are continuously faced with 
requests for increasing loads on a specific truck or for allowing 
heavier loads on new trucks. Based on economic analyses, 
these requests seem legitimate, in Israel, but there is a strong 
feeling that the formal result is misleading. The analyses are 
usually conducted using AASIIO Road Test load equivalency 
factors (LEFs) obtained from newly constructed pavements, 
but the network on which these loads are applied is not new. 
In fact, in Israel the network is in rather bad condition, with 
an average pavement condition index lower than 50. There
fore, the validity of these analyses using AASHO LEFs is 
questionable. Increasing the LEFs reduces the optimal load 
to be allowed on the truck. 

Highway agencies arc also often asked to issue special per
mits to allow special tractors and trailers to haul very large 
and heavy machinery for power plants or structural compo
nents for bridges. To minimize the damage to pavements and 
bridges, these tractors and trailers are equipped with numer
ous axles and tires. Greer (1) and Terrel and Mahoney (2) 
analyzed pavements and evaluated their structural capacity 
to support trailer units with 192 wheels (12 axles with 16 
wheels per axle). Kilareski (3) presented a study of the poten
tial pavement damage caused by heavily loaded units with 
four and five axles. The approach to the problem of heavy 
loads and requests for increasing legal loads is straightfor
ward. Analyses of stresses or strains that develop under these 
loads can be conducted to evaluate the number of allowable 

J. Uzan, Department of Civil Engineering, Transportation Research 
Institute, TECHNION, Israel Institute of Technology, Haifa, Israel. 
A. Sidess, YARIV-Civil Engineering and Surveying, 1 Remez St., 
Givataim 53242, Israel. 

repetitions for the specific loading configuration (4-6). Alter
natively, the pavement method currently used by the state 
can be used or adapted to design the road upgrading required 
to permit the movement of heavy loads (1). 

In the case studies reported in the literature (1,2), although 
testing programs and analyses were conducted for the specific 
haul routes, the authors did not consider directly the pave
ment condition as a variable. If the effect of load magnitude 
on pavement performance depends on the condition of the 
pavement, it would imply that various LEFs correspond to 
various pavement conditions (for the same pavement struc
ture). Such dependence could be attributed to the dynamic 
effect induced by roughness, resulting in relatively heavier 
loads as the pavement condition deteriorates, or to nonline
arity in the damage accumulation (Miner's law). 

This paper presents a derivation of LEFs based on AASHO 
Road Test results. The analyses show clearly that LEFs are 
influenced by the pavement condition, i.e., on the ser
viceability index at the time of application of the load. A 
framework is presented to adapt the derivation of LEFs to 
accommodate heavier loads and a larger number of wheels 
than in the AASHO Road Test. It is based on computation 
of vertical strain at the top of the subgrade and calibration 
with AASHO Road Test results. An illustration of the approach 
is presented using several load magnitudes and wheel config
urations. 

DERIVATION OF LOAD EQUIV ALENCY 
FACTORS USING AASHO ROAD TEST RESULTS 

The derivation is based on the well-known definition of LEF 
and AASHO Road Test performance equations: 

(1) 

where 

Fj = LEF for load Lj, 
Wj = number of repetitions for load Lj, and 
w. = Equivalent number of repetitions of a reference load 

L. (usually taken as 18 kip). 

(2a) 

10s.93 (SN + 1)9-36 L;l-33 
~k = (L1 + L2)4,79 (2b) 

G 
4.2 - p, 

log 4.2 - 1.5 (2c) 
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0.081 (L 1 + L 2) 3•
23 

'3k = 0.40 + (SN + l)s.19 L~-23 

where 

SN = a1d1 + a2d2 + a3d3 , 

L 1 = axle load, in kip , 
L 2 = 1 for a single axle, 2 for a tandem axle, 

SN = structural number, 
p, = terminal serviceability number , 

a1 ,a2 ,a3 = layer coefficients, 
d1 ,d2,d3 = layer thicknesses, in in., and 

k = index (may be either e or j). 

(2d) 

The well-known AASHO LEFs are obtained from the above 
equations for various terminal serviceability indices (p,) . These 
factors are related to the pavement damage that begins at a 
unique initial pavement serviceability index (PSI) of about 
4.2 (average of all initial serviceability indices in the AASHO 
Road Test). If the load equivalency is influenced by the pave
ment condition , then the usual LEFs are average values for 
the service life of the pavement, from the time of its con
struction with an initial PSI of about 4.2 to the time it reaches 
its terminal PSI. To deal with various initial conditions, the 
LEF should be redefined as 

(3) 

where p; is the initial serviceability index and p; --o> p, denotes 
pavement condition deterioration from p; to p,. When p; = 
4.2, Equation 3 simplifies Equation 1 corresponding to the 
usual definition of LEF. When p; is a value other than 4.2, 
the number of repetitions should be computed from the per
formance equations (Equation 2) as follows: 

(4) 

where k may be either j ore. 
Figure 1 shows the components of Equation 4 using the 

performance curve. When referring to an initial serviceability 
index (p;) lower than 4.2, it is assumed that this lower p; is 
because of deterioration from past traffic and not because of 
bad construction. Results of computations of LEFs for four 
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FIGURE 1 Schematic representation of 
load repetition increment on performance 
curve. 
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FIGURE 2 Load equivalency faclors for 30-kip 
single axle load as function of PSI. 
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different load magnitudes and configurations (SN = 3 and 
various p; and p,'s) are shown in Figures 2 through 5. The 
dotted lines in the diagrams correspond to the usual LEFs 
with p; = 4.2. From these figures, it is possible to get Fi for 
any p; and any p,. For example, from Figure 2 one can get 
Fj(4.0 --o> 2.5) = 17.0 as compared with FJ4 .2 --o> 2.5) = 8.0 
or F/3 .5 --o> 2.5) = 22.4. Ff values for lower p 1 (fo r example 
FA2.0--o> 1.5] = 35.3) are very large compared with the value 
of 10.4 obtained previously. This example emphasizes the 
importance of pave ment condition on LEFs. It seems that Fi 
is influenced slightly by the structural number, moderately by 
the terminal serviceability, load magnitude , and configura
tion, and highly by th initial serviceability. The results of the 
AASHO Road Test support the hypothesis that LEFs depend 
on the initial serviceability. 

EXTENSION OF THE LOAD EQUIV ALENCY 
FACTOR TO MULTIPLE WHEEL LOADS 

The approach for computing LEFs from AASHO perfor
mance equations is restricted to the single and double axle 
loads that traveled on the test sections. To extend the approach 
to various axle configurations , a semirational (semiempirical) 
framework is suggested. This framework is less restrictive than 
the empirical one . It consists of 

1. Stress-strain computation and material characterization; 
2. Calibration of a failure criteria using all the available test 

results; and 
3. Validation and implementation of the framework to the 

unusual loads . 

0.5 
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ri c:. 
'!>' 
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§ 0.2 0.20 ............. ~~·-~ .... --: 
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FIGURE 3 Load equivalency factors fo r 12-kip 
single axle load as function of PSI. 
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FIGURE 4 Load equivalency factors for 48-kip 
tandem axle load as function of PSI. 
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FIGURE 5 Load equivalency factors for 24-kip 
tandem axle load as function of PSI. 

Unless nonlinear material characterization is used, the stress 
level induced by the unusual loads should not exceed (or 
should exceed only slightly) the stress level that developed in 
the test. For simplicity, the proposed framework is based on 
the linear elastic theory. It could be upgraded by including 
nonlinear material characterization and analyses. 

Development of the Framework 

The steps for developing the semirational framework are as 
follows: 

1. Pavements-Seven pavement sections of the AASHO 
Road Test are chosen for analyses (Table 1). The ranges of 
the layer thicknesses and structural numbers embrace a wide 
variety of pavements serving from light to heavy traffic loads. 

2. Loads-All five single axle loads (6, 12, 18, 22.4, and 
30 kip) that traveled in the test sections are included in the 
calibration analyses. In this case, each <ixle is equipped with 
two dual wheels on each side; the distance between dual wheels 
is 14 in., and the contact pressure is 70 psi. 

3. Material properties-The moduli of elasticity of the 
subgrade and the asphalt concrete are assumed constant and 
equal to S,700 psi (corresponding to a CBR value of 3-4) 
and 4SO,OOO psi, respectively. The modulus of elasticity of the 
granular subbase and base material is assumed to depend on 
both the layer thickness and modulus of the underlying layer. 
The equations used are those of the USA CE granular material 
characterization for roads (see Smith and Witczak [7]). 
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Esg (l + l.S H sub/20.0) 

£sub (1 + Hb/6.0) 

(Sa) 

(Sb) 

where 

Eb, E,"b' and E,8 = the base, subbase, and subgrade layer 
moduli, respectively, and 

Hb and Hsub = the base and subbase layer thick 
nesses, in in. 

4. Analyses-Vertical strain at the top of the subgrade is 
computed for all seven pavement sections, applying all five 
loads. The computations are made using a microcomputer 
program for the linear elastic multilayer system (8). 

S. Strain criteria-The number of load applications is com
puted using Equation 2 for the above-mentioned pavement 
sections and loads, at three different serviceability indices p, 
of l.S, 2.S, and 3.S. The relationships between the number 
of load repetitions and computed vertical strain are shown in 
Figure 6. Various strain criteria are obtained for the various 
terminal serviceabilities. In addition, when the number of load 
repetitions is lower than 20,000, the relationship between ver
tical strain and load repetitions is independent of p, and begins 
to curve. By using the number of load repetitions computed 
from Equation 2 rather than the actual number of load appli
cations, the scatter in Figure 6 is reduced substantially. This 
reduction is because most of the randomness of the number 
of load applications is eliminated or filtered out in the regres
sion of Equation 2. The lines in Figure 6 are represented by 
the following equations (for more than 20,000 load applica
tions): 

Ev = S.00 x 10 - 2 wi-o.36 (6a) 

Ev =: 1.99 x 10-2 wi-0.261 (6b) 

Ev = 1.47 x 10 - 2 wj- o.22s (6c) 

for p, = 3.S, 2.S, and l.S, respectively, where E, is the amount 
of maximum vertical strain at the top of the subgrade and Wi 
is the number of load applications causing deterioration of 
the pavement from p; = 4.2 top,. Only single axle loads are 

TABLE 1 DESCRIPTION OF PAVEMENT SECTIONS USED 
IN THE ANALYSES 
+----------+--------------------------------+-------------+ 

I 
Pavement l------=~~=~~=~~-~: .. ~=~:: _______ 1 Structural I 

No. I Asphalt Base Subbase I Number 
+----------+--------------------------------+-------------+ 

1 3 0 8 2.20 

2 3 6 4 2.60 

3 4 3 8 3.06 

4 4 6 12 3.92 

5 5 6 12 4.36 

6 5 9 12 4. 78 

7 6 9 12 5.22 
+------ ----+--- ------~---------------------·--- ----------· 
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FIGURE 6 Vertical strain at top of subgrade as 
function of number of load repetitions and PSI for 
single axles. 

used in the development of the above relationships (calibra
tion stage). These relationships are valid only with the mate
rial characterization and analyses mentioned above. 

The use of the framework for computing LEFs for a single 
axle is simple: Wl4.2 ~ p,) and Wl4.2 ~ p;), which are 
required in Equation 4, may be obtained from Figure 6. For 
example, to compute the LEF for a pavement with SN = 
4.78, 30-kip single axle, p; = 3.5, and p, = 2.5, the following 
steps are necessary: (a) Compute the vertical strain under the 
load (under a 30-kip load, one obtains Ev = 629 microstrains); 
(b) At this strain level, obtain from Figure 6 or Equation 6 
the terms Wl4.2 ~ 2.5) and Wl4.2 ~ 3.5). At 629 micro
strains, Wi4.2 ~ 2.5) = 559,600 and "'}(4.2~ 3.5) = 190,000; 
(c) Compute WJ3.5 ~ 2.5) from Equation 4: 559,600 -
190,000 = 369,600; (d) Repeat steps 1 through 3 with the 
standard load 18 kip to get We(3.5 ~ 2.5) = 3,178,600; (e) 
Compute the LEF using Equation 3 as 3,178,600/369,600 = 
8.6. This value is in good agreement with the value of 9.5, 
obtained from Equation 2. 

Calibration and Verification 

The extension of the framework to tandem axles requires 
some clarification of the rational approach based on cumu
lative damage. For common pavement thicknesses, the strain 
distribution shows two clear peaks. These two peaks usually 
are considered as two separate repetitions, equivalent to dividing 
by two the number of repetitions obtained from Figure 6. 
However, this is correct only for thin pavements (or for large 
spacing between axles of the tandem) when the strain between 
the axles decreases to zero (full reversal of the strain), or 
practically to less than 10 percent of the peak strain. For thick 
pavements (or small spacing between axles of the tandem), 
the strain distribution may show only one peak. In this case, 
or practically when the strain between the axles is greater 
than 90 percent of the peak strain, each pass of the tandem 
is considered as one application of the peak strain. In reality, 
the strain between axles (located 60 in. apart) is nearly zero 
for thin pavements and reaches about half the peak value for 
commonly thick pavements. This situation calls for a correc
tion of the Miner's damage accumulation law, especially for 
thick pavements. Such a correction is proposed below based 
on the AASHO Road Test results for tandem axle loads. For 
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thin pavements, it was found that the strain between axles is 
near zero, suggesting that no correction is needed. Moreover 
the computations show that the peak strain under one axle 
of the tandem is lower than the peak strain under one single 
axle. The second dual-wheel axle in the tandem induces neg
ative strain at large distances from the load. Such beneficial 
effect is questionable in flexible pavements because of the 
presence of highly nonlinear granular material. 

To quantify the effect of the tandem axle, the pavement 
sections listed in Table 1 are analyzed under tandem axle loads 
(two dual wheels on each side of the axles) of 24, 32, 40, and 
48 kip. The vertical strain at the top of the subgrade is com
puted under these loads, and the number of tandem axle load 
repetitions is obtained using the AASHO Road Test perfor
mance equations (Equation 2). The results are presented in 
Figure 7, superimposed on the strain criteria of the single 
axle. The dotted lines represent the strain criteria for tandem 
axles. It is seen that each pass of the tandem is equivalent to 
1.6 passes of a single axle, except in the low range of number 
of repetitions in which each pass of the tandem is equivalent 
to about two passes of the single axle. 

In view of the above, the following procedure for the anal
ysis of tandem axles is suggested. The maximum strain and 
the strain between axles of the tandem are evaluated. When 
the strain between the axles is less than 10 percent of the 
maximum strain, the tandem axle is considered as two sep
arate applications of the peak strain. When the strain between 
axles is greater than 90 percent of the maximum strain, the 
tandem axle pass is considered as only one application of the 
peak strain. In addition, when the peak strain computed with 
two dual wheels (on one side of the tandem axle) under or 
near one axle is smaller than the peak strain computed with 
one dual wheel (on one side of the single axle), the tandem 
axle pass is considered as two separate applications of one 
single axle. In other words, the peak strain obtained for one 
axle of the tandem, without the "beneficial effect" of the 
second axle is used to get W1 from Figure 6, and this number 
is divided by two. When the peak strain, computed with two 
dual wheels under or near one axle, is equal to or larger than 
the peak strain computed with one dual wheel (and the strain 
between the axles is greater than 10 percent and smaller than 
90 percent of the peak strain), the tandem axle pass is con
sidered as 1.6 applications. In other words, the peak strain 
under the two dual wheels is used to get Wi from Figure 6, 
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FIGURE 7 Vertical strain at top of subgrade as 
function of number of load repetitions and PSI for 
tandem axles. 
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and this number is divided by 1.6. LEF values computed using 
the above proposed approach are shown in Figure 8 and com
pared with those computed from AASHO Road Test-based 
equations (Equation 2). It is seen that the results are dispersed 
within a maximum deviation of 20 percent and that they agree 
very well. 

ILLUSTRATION OF THE PROPOSED APPROACH 
TO MULTIPLE WHEEL LOADS 

The extension of the proposed approach to multiple wheel 
loads is based on the assumption that the "failure" criterion 
derived for two axles holds also for more than two axles. In 
the case of multiple axle loads, calibration factors of 0.8 for 
leading axles and 0.6 for internal axles are suggested. These 
factors are found as follows. (a) The symmetric strain distribu
tion under a tandem axle that corresponds to 1.6 repetitions 
of a single axle can be separated into two incomplete cycles 
(see Figure 9). Because a tandem axle is composed of two 
leading axles, each axle induces 0.8 (1.6/2) of the damage 
caused by a single axle. Therefore a calibration factor of 0.8 
corresponds to each leading axle. (b) The strain distribution 
under a tandem axle can be viewed as composed of one com
plete cycle and one incomplete cycle in the central portion 
between peaks of the strain distribution (see Figure 10). This 
central part contributes 0.6 (1.6-1.0) of the damage caused 
by a tandem axle. Hence a calibration factor of0.6 is suggested 
for each internal axle. At this time, no test results exist for 
calibrating the above factors. However, the above procedure 
is similar to the Curvature Method presented by Treybig (5). 

The proposed procedure for computing W1 for multiple axle 
loads is summarized as follows. When the peak strain com
puted with all dual-wheels of the n - axles is smaller than 
the peak strain computed with only one dual-wheel, the mul
tiple axle pass is considered as n separate applications of one 
single axle. The peak strain obtained for one axle (without 
the "beneficial effecl" of lhe ulher axles) is used to get W1 
from Figure 6, and this number is divided by n. When the 
peak strain computed with n dual wheels is equal to or larger 
than the peak strain computed with one dual wheel, then W 
corresponding to each peak strain is obtained from Figure 6. 
These numbers are divided by either 0.8 or 0.6, depending 
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FIGURE 8 Comparison of LEFs 
obtained using the proposed 
procedure and AASHO equations for 
24, 32, 40, and 48-kip tandem axle 
loads. 
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0.8 0.8 = 1.8 

FIGURE 9 Separation of strain 
distribution of a tandem into two 
incomplete cycles. 

on the position of the peak in the strain distribution. Then 
an average number of applications is computed on the basis 
of equal damage. 

Tables 2 through 4 summarize results of computation for a 
very heavy tandem axle (79.2 kip), a four-axle load (with 8.5 
kip per wheel) described by Kilareski (3), and 24-wheel trailer 
(with 13.86 kip per wheel), respectively. The 24-wheel con
figuration, which is composed of six axles with four wheels 
36 to 40 in. apart, is different from the other configurations 
that have dual wheels (two close wheels on each side of the 
axle). In the cases of heavy loads, only pavements with a 
structural number larger than 3.5 are considered. The results 
of the heavy tandem (Table 2) are also shown in Figure 11 
and compared with those obtained using Equation 2 (extrap
olation of the AASHO Road Test results). It is seen that in 
all cases, the LEF values increase as the initial serviceability 
decreases. The LEF values at p; of 2.5 are about twice as 
large as the usual LEF values at p; of 4.2. The effect of pave
ment conditions under heavy loads on LEF values is similar 
to, but milder than, the effect obtained with loads that trav
eled in the AASHO Road Test. 

SUMMARY AND CONCLUSIONS 

The decision whether or not to change the legal load limits 
and to issue special permits for extra heavy loads is based on 
several factors and an economic analysis that considers all 
costs and benefits that are affected by such a change in legal 
load limits or special movements. For evaluation of construc
tion and maintenance costs, the use of LEFs is well estab
lished. These factors are related to newly constructed pave
ments, whereas any change in the legal limits takes place at 
a given pavement condition of the network. The paper pre
sents analyses of the AASHO Road Test results and derives 
LEFs as function of the pavement condition (PSI). The results 
of the analyses show that the LEFs are strongly affe_£ted by 

ltt = A + M ~-. ' 
~ ... 

1.6 = 1.0 + 0.6 

FIGURE 10 Separation of strain distribution 
of a tandem into one complete cycle and one 
incomplete cycle. 

I 
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TABLE 2 RESULTS OF LEF COMPUTATIONS FOR 
79.2-KIP TANDEM AXLE 

+-------------------------------------------+ I 4.2Initial s~~vice:~:lity I I 2.5 

+--------------+------+------+------++------+------++------+ 
lser~~~=;~~iity ] 3.5 I 2.5 I 1.5 II 2.5 I 1.5 I I 1.5 I 
+--------------+------+------+------++------+------++------+ 

SN=3.92 15.5 33.8 50.6 65.4 84.0 107 .2 

SN=4.36 15.9 35.1 52.8 56.9 74.9 94.9 

SN=4.78 13.6 30.6 46.7 44.2 59.8 75.2 

SN=5.22 14.3 33.0 50.8 44.9 61.9 77.3 
+--------------+------+------+------++------+------++------+ 

TABLE 3 RESULTS OF LEF COMPUTATIONS FOR 
FOUR-AXLE LOAD 

+------- --------------------------------~--+ 
Initial Serviceability 

4.2 11 3.5 112.5 
+--------------+------+------+------++------+------++------+ 

I Terminal I I I 11 I 11 I Serviceability 3.5 2.5 1.5 2.5 1.5 1.5 
+--------------+------+------+------++------+------++------+ 

SN=3.92 

SN=4.36 

SN=4.78 

SN=5.22 

22.7 43.9 61.7 

22.8 44.3 62.4 

18.1 37.1 53.6 

20.3 43.4 64.3 

71.0 88.4 108.4 

63 .3 80. l 97.4 

119.7 65.0 79.2 

56.4 75.8 92.6 
+--------------+------+------+------++------+------++------+ 

TABLE 4 RESULTS OF LEF COMPUTATIONS FOR 24 
WHEELS 

+--- ~--------------------------------------+ 

I 
Initial Selrlviceability [j 

4.2 3.5 11 2.5 
+--------------+------+------+------++------+------++------+ 
lser~~~:!~~iityl 3.5 I 2.5 I 1.5 I I 2.5 I 1.5 I I 1.5 I 
+--------------+------+------+------++------+------++------+ 

SN=3.92 

SN=4.36 

SN=4.78 

SN=5.22 

19.4 35.5 48.4 

22.4 43.1 60.4 

29.3 62.6 92.6 

53.6 65.6 79.0 

61.1 77.2 93.6 

86.5 114.9 141.9 

35.5 81.7 125.7 110.9 152.8 190.7 
+--------------+------+------+------++------+------++------+ 

the pavement condition, i.e., LEF values increase as the PSI 
decreases. 

A framework for extending the above results to multiple 
loads is proposed. This framework is based on computation 
of the strain at the top of the subgrade and strain criteria for 
various PSI of the pavement. The use of the framework for 

60.0 
lnlllal PSI • 4.2 / z . ;-· 

0 Tandem Axle - 79.2 Kip 

~ 40 .0 :::> 
0 $""' w ~.1 .-. 0 . . ::c v• 
I/) 

20.0 Terminal PSI c c . - 1.5 

u..- / ... . - 2.5 

/ 
- 3.5 

0.0 
o.o 20.0 40.0 60.0 

Fl PROPOSED APPROACH 

FIGURE 11 Comparison of LEFs 
obtained using the proposed procedure 
and AASHO equations for the 79.2-kip 
tandem axle load. 
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single axles is illustrated. For tandem axles, it is shown that 
the damage accumulation should be modified to take into 
account the longitudinal strain profile. Finally, heavy loads 
and multiple wheel load configurations are analyzed and LEFs 
are computed. The results show that the dependence of LEF 
on pavement conditions is similar to and milder for multiple 
wheels than for single and tandem axles. 
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Influence of Axle Group Spacing on 
Pavement Dam·age 

J. J. HAJEK AND A. C. AGARWAL 

Current pavement design guides do not consider the effects of 
axle spacin~s. However, in many jurisdictions, higher loads on 
dual ~nd. tnple axles are allowed for higher axle spacings. This 
practice 1s exammed from a pavement viewpoint to ensure that 
dual or triple axles do not cause disproportionately greater dam
age _than smgle axles. Damage effects of dual and triple axles on 
flexible pavements were evaluated as a function of axle spacing. 
The evaluation was based both on measured and calculated pave
~e.nt resp?nses to axle loads. Load equivalency factors are sig
mf1canUy mfluenced by pavement response parameters and by 
s~m~at10n .methods used for their derivation. The results display 
s1g?1f!ca~1t 1?fiuence of the axle spacing on pavement damage . 
This md1ca~10? should be taken into account when determining 
legal Joa? hmits on the a~les . The AASHTO Guide appears to 
underestimate the damagmg effect of dual and triple axl es in 
comparison with single axles . 

The extent to which structural pavement damage is caused 
by heavy vehicles depends on several loading characteristics 
including axle loads, axle group configuration and spacing '. 
load contact pressure, and dynamic loading effects, and on 
their interactions. This paper addresses the effect of one of 
these load characteristics- axle group configuration and 
spacing. Based on a recent literature survey , the effect of axle 
spacing on pavement damage has not been systematically 
examined before. 

Many jurisdictions, for example the province of Ontario , 
regulate permissible axle group weights according to axle group 
spacing, whereas others, such as France and Sweden do not 
(1). In Ontario, the Highway Traffic Act (2) prescribes the 
permiss~ble load limit for a dual axle (also known as tandem) 
and a tnple axle (also known as tridem), which varies accord
ing to axle spacing. Axle spacing is defined as the distance 
between the two individual axles in a dual axle and between 
the first and the third axles in a triple axle. The variation in 
permissible loads with the axle spacing traditionally has been 
based on the load-carrying capacity of the bridge components. 
The permissible load on a single axle, however, is based on 
pavement considerations. 

The AASHTO Pavement Design Guide (3) distinguishes 
between the damaging effects of dual and triple axle combi 
nations, but assumes that these combinations have the same 
damaging effects regardless of the axle spacing within the 
combination. Considering flexible pavements, a tandem axle 
carrying 8,160 kg (18 ,000 lb or , technically, 80 kN) on each 
axle has the AASHTO load equivalency factor of 1.38 regard
less of the actual spacing between the two axles. However , if 
the spacing between the axles exceeds an unspecified distance 

Resea:ch and De.velopment Branch, Ministry of Transportation of 
Ontano, Downsv1ew, Ontario, Canada M3M 1J8. 

so that the two axles can be considered to be independent , 
the corresponding AASHTO load equivalency factor is 2.00. 

In 1988, a random survey of 2,089 trucks was conducted at 
~6 Ontario locations. The data show that the truck axle spac
mg ranges from about 1.0 m to 10.0 m (3.2 ft to 32 ft) and 
that its frequency distribution depends on truck type. An 
example of the survey data for two truck types-trucks with 
four axles or less and trucks with seven axles or more-is 
given in Figure 1. Because of data limitations, the frequency 
distribution of axle spacing in Figure 1 is plotted regardless 
of axle group type . Thus , a 2-m axle spacing may refer to a 
dual axle spacing, a two axle group spacing with no automatic 
load equalization, or the distance between two consecutive 
axles in a three or four axle group . 

The distribution in Figure 1 appears to be bimodal with a 
dividing line at about 2.0 to 2.5 m. According to the Ontario 
Highway Traffic Act (2), consecutive axles that are not artic
ulated from a common attachment, or that are not designed 
to automatically equalize the load between the axles are con
sidered to be single axles if their spacing exceeds (a) 2.5 m 
m the case of three or four consecutive axles or, (b) 2.0 min 
the case of two consecutive axles. Because the maximum 
allowable weight for a single axle (with dual tires) is always 
larger than that for an individual axle that is a part of an axle 
group, the axle group spacing in the range of 2.0 to 2.5 mis 
avoided. 

The objectives of this study were (a) to evaluate the influ
ence of axle spacing on damage caused to flexible pavements, 
and (b) to determine maximum weights on dual and triple 
axles that would cause the same damage, axle per axle, as 
that caused by a single axle with the maximum legal load. 
The original motivation for this study was the need to develop 
a procedure for quantifying the damaging effect of various 
heavy load configurations using the measured pavement 
resp~nses (surface deflections and asphalt concrete strains) 
obtamed on our experimental testing facility ( 4). 

The study is based on measured pavement response data 
obtained during the course of a Road and Transportation 
Association of Canada (RTAC) study (5,6) and on calculated 
pavement responses using the elastic layer theory. In both 
cases, data were obtained for a large variety of axle loads and 
configurations. 

QUANTIFICATION OF DAMAGING EFFECTS 
FOR VARIO US AXLE LOADS 

The effect of heavy loads on pavement structural damage, 
such as fatigue (alligator) cracking and rutting, has been tra-
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FIGURE I Frequency distribution of axle spacing for two truck 
types. 

ditionally expressed using the concept of load equivalency 
factors (LEFs). For convenience, the LEFs have been related 
to a standard axle load defined as a single axle with dual tires 
carrying 8,160 kg (18,000 lb). The damaging effect of other 
axle loads is expressed in terms of the standard axle load as 
equivalent single axle load (ESAL) using the load equivalency 
factors. LEFs can be obtained in two basic ways: by a field 
experiment or by an analytical evaluation of pavement responses 
to individual loads. The latter way was used in this study. 

LEFs Obtained by Field Experiments 

A number of axle loads of a given magnitude and type required 
to cause a certain level of pavement deterioration (N;) are 
determined in the field and are compared to the number of 

ESALs required to cause the same amount of pavement dete
rioration on the identical pavement structure NEsAL: 

LEF = NESAL 

N; 
(1) 

The resulting LEFs depend on the definition of pavement 
deterioration and its level, and on the type and strength of 
the pavement structure. Thus , for the same N;, there may be 
various LEFs for various pavement types, thicknesses, 
subgrades, and pavement distresses. The best-known example 
of a field experiment is the AASHO Road Test of the early 
1960s (7). The Test encompassed a number of various pave
ment structures, but on a uniform subgrade. The LEFs were 
mainly related to pavement damage in terms of roughness, 
which is directly related to the way the pavement serves the 
traveling public. This approach to obtaining load equivalency 
factors is extremely expensive and time consuming. 
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LEFs Obtained by Analytical Evaluation of Pavement 
Responses to Individual Loads 

Measured or calculated pavement responses to individual load 
configurations are used to calculate LEFs by assuming the 
following· general relationship: 

LEF, = (a R, )" 
ESA l. 

(2) 

where 

LEF, = load equivalency factor based on pavement re
sponser, 

R; = pavement response r to the load of a defined mag
nitude , and type designated as i, 

REsAL = pavement response r to one ESAL, and 
n = exponent to ensure that LEF (from Equation 1) 

is equal to LEF, (from Equation 2) for pavement 
response r. 

This approach, used in this study , requires the identification 
of pavement responses, such as strains and stresses, that cause 
specific pavement structural distresses. These distresses should 
be related to pavement deterioration, which affects the way 
pavements serve the traveling public. As a corollary, it is 
assumed that increased strains and stresses in the pavement 
structure increase pavement distresses (and reduce the pave
ment serviceability). Furthermore, this approach is faced with 
two main complications. First, load equivalency factors depend 
on the type and severity of pavement distresses, of which there 
are many possible combinations . Second, according to Equa
tion 2, it is assumed that the pavement response to an axle 
group load, which can be rather complex, can be characterized 
and summarized by one number. However, in the absem:e of 
a universally accepted computational procedure to summarize 
pavement responses in terms of one encompassing number, 
the use of various computational procedures may yield dif
ferent results. 

Response Parameters Used 

The load equivalency factors used by an agency should be 
based on the pavement distress or distresses that trigger the 
local need for pavement rehabilitation. For example, Hallin 
et al. (8) developed LEFs for Washington state based on 
fatigue cracking because "cracking is the principal form of 
asphalt pavement distress in Washington state." A statistical 
examination of Ontario pavement distress data (9) reveals 
that practically all 15 routinely evaluated pavement surface 
distresses ocrnr al lhe critical levels of severity and density 
requiring rehabilitation and that fatigue cracking is not a pre
dominant distress. The 15 distresses include raveling, flushing, 
rutting, distortion, and various types of cracking, such as 
pavement edge, transverse , and alligator. For this reason, the 
following three basic pavement responses, linked previously 
to the formation of pavement distress, have been used in 
this study: 

1. Pavement surface deflection. This response has been linked 
to pavement deterioration, measured mainly in terms of 
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roughness. Several pavement distresses, such as cracking, dis
tortion, and rutting, can contribute to pavement roughness. 

2. lnterfacial strain. Strain at the bottom of the asphalt 
concrete layer that has been related to fatigue (alligator) 
cracking. 

3. Vertical strain on the top of the subgrad,e. This response 
has been related both to rutting in the pavement structure 
and to pavement delt:1iuralio11. 

A typical history of these three responses for a flexible pavement 
subjected to a moving dual axle load is shown in Figure 2. 

Summation of Pavement Responses to Axle Loads 

The comparison of damage caused by various loads requires 
quantification and summation of pavement response curves 
(Figure 2) resulting from the passage of these loads . Two 
approaches can be used: discrete summation methods or inte
gration methods. Discrete methods use only discrete values 
at the peaks and valleys of the response curve, whereas inte
gration methods attempt to use the whole response curve. 
The two summation methods are illustrated in Figure 3 using 
pavement response curves obtained for single and dual axles . 
Also shown in Figure 3 are three various dual axle response 
curves (Cases a through c), which will be discussed later. 

Discrete Methods 

Three discrete methods used in this study-RTAC, Univer
sity of Waterloo, and Peak-are schematically shown in Fig
ure 4 . LEFs were calculated by summing peak to valley 
responses using a modified Equation 2 as follows: 

LEF,,m 

where 

LEF,,m 

(3) 

load equivalency factor to pavement response r 
and method m. 

Surface Deflection 

Tensile Strain, Bottom of A.C. Layer 
[\ (\ [\ (\ compression v v tension 

Vertical Strain, Top of Subgrade 

~ 
FIGURE 2 Typical response of a 
flexible pavement to a moving 
dual-axle load. 
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Dual Axle Standard (Single) Axle 

Calculation of Load Equivalency Factors 

... D j 1 . Discrete Methods 

LEF=:E(~)n 
s 

(4) 

2. Integration Methods 

Casec I 
... o, j1~ I di 

(5) LEF= 
t n 

f I a. I di 
0 

Note: o; "* o;• 

FIGURE 3 Discrete and integration methods for calculation of load 
equivalency factors. 

r; discrete pavement response for load cycle i iden
tified by method m. 

n as defined before, adapted to be 3.8. This value 
was also used in the RTAC study (5,6) (both for 
surface deflections and interfacial strains) and is 
based on an extensive review by Christison ( 6). 

p = number of load cycles (axles). 

The exponent n can vary for various pavement response 
parameters and depends on the procedures used to obtain it. 
For example, it is well recognized that n derived from labo
ratory fatigue tests of asphalt concrete mixes depends on the 
mix composition, the testing conditions, and the definition of 
failure (10). 

RTAC Method 

The RT AC method was originally used for the analysis of 
measured pavement responses as part of the Canadian Vehicle 
Weights and Dimensions Study (5,6). For surface deflections 
(and in this study also for strains on the top of the subgrade), 
the peak under the lead (first) axle was extracted first, fol
lowed by the trough to peak differences in the response curve 
for the subsequent axles (Figure 4). For interfacial strains, 
only the peak tensile strains measured from the rest (zero) 
position were used. 

University of Waterloo Method 

The University of Waterloo method was developed by Hutch
inson et al. (11) for isolating and counting pavement surface 
deflection cycles. In this study, it was also used for the sum
mation of subgrade strains. The method follows an ASTM 

Standard Practice (12), which recommends that the highest 
peak and lowest valley be used first, followed by the sec
ond largest cycle, and so on, until all peak counts are used 
(Figure 4). 

Peak Method 

For surface deflections and subgrade strains, the peak method 
uses the total response under each axle from the rest position. 
For interfacial strains, the peak method uses the peak to 
trough rises and falls in the strain history (Figure 4), a pro
cedure that is identical to that recommended by ASTM Stan
dard Practice for Cycle Counting in Fatigue Analysis (12); for 
this reason, the peak method appears to be an improvement 
over the RT AC method. 

Regarding surface deflections, proponents of this method 
(13) argue that even though the surface deflections between 
two subsequent axles do not reach a rest position, the asphalt 
concrete layer at this location reverses its curvature (tensile 
strain to compressive strain [Figure 2]) so that the inclusion 
of the total deflection best models the overall pavement 
response. 

Another argument in support of this method may be advanced 
by considering how various response curves, such as those 
shown for Cases a and b in Figure 3, are accounted for by 
the peak method. In Case a, the peak axle responses D1 and 
Dz* are nearly equal, whereas in Case b the two peaks differ 
considerably (D1 versus Dz**). Case c has the same peaks as 
Case a, but the duration of the load is longer. All three cases 
have the same trough Dz. The peak method uses responses 
D 1 and Dz* (or Dz** for Case b) and thus distinguishes between 
the damaging effects of the two Cases a and b, whereas the 
other two methods, RTAC and Waterloo, do not (they are 
based on responses D 1 and Dz). 
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RTAC Method 
Compression 

Tension 

Waterloo Method 

\mT 
Peak Method 

1st 2nd 3rd axle 

Surface Dallactions, or Vertical 
Strain on the Top of Subgrade 

1st 2nd 3rd axle 

Tensile Strain at the Bottom of 
Asphalt Concrete Layer 
(ln!erfaclal Strain) 

Compression 

Tension 

FIGURE 4 Discrete methods used to calculate the effect of 
multiple-axle groups. 

Integration Methods 

Flexible pavements respond to loads as visco-elastic systems 
with resulting permanent and elastic strains. The permanent 
strains are influenced by both the amount and the duration 
of load. Integration methods take both spatial and temporal 
variability of the load into account by integrating the response 
curve expressed as a function of time or distance. Referring 
to Figure 3, integration methods distinguish between the 
response curves of not only Cases a and b, but also between 
Cases a and c, which have similar peaks but different load 
duralion. The formula developed in this study for calculating 
LEFs by integration is shown in Figure 3, Equation 5. Con
ceptually, it resembles the formulation used by Govind and 
Walton (14). The exponent n for this method was also set at 
3.8 to enable a direct comparison with discrete methods. There 
is no precedent in the literature for the value of n. 

The integration methods include influence of the rate of 
loading on pavement damage and eliminate ambiguity in 
defining the peaks and valleys required for discrete methods. 
However, the validity of integration methods has not been 
proven. 

MEASURED AND CALCULATED PAVEMENT 
RESPONSES 

Measured Pavement Responses 

Measured pavement responses used in this study were taken 
from the Canadian Vehicle Weights and Dimensions Study 
(5). This 1985 study provides a large set of measured pave
ment responses in terms of surface deflections and interfacial 
strains obtained at 14 sites for a variety of loading conditions. 
The results based on these measurements are referred to in 
this study as RTAC measurements. 

Calculated Pavement Responses 

Computational Method 

The flexible pavement was modeled as an idealized elastic 
layered system, and its responses to loads were calculated by 
the ELSYM5 computer program (15). The use of the elastic 
layer theory to obtain load equivalency factors has been suc
cessfully used before (8,16,17). 

Pavement Structure 

Calculations were done for the thin and thick flexible pave
ment structures shown in Figure 5. The thin section has a 
structural number (SN) of 3.0 and represents a low-volume 
road; the thick section has an SN of 5.7 and represents a 
typical structure for a high-volume facility. The average SN 
for the 14 sections used in the RTAC study was 5.0. 

Pavement Loadings 

Analyses were done for single-, dual-, and triple-axle groups. 
All axles had dual tires spaced about 350 mm (14 in.) apart. 
The tire footprints were assumed to be circular with a pressure 
of 690 kPa (100 psi). Axle loads on individual axles ranged 
from 5,450 kg (12,000 lb) to 11,800 kg (26,000 lb). As the 
load increased, the tire contact area increased because the 
tire pressure was held constant. A similar loading arrange
ment was used by Kilareski (17). 

Location of Maximum Deflections and Strains 

When comparing pavement response to various axle loads, it 
is important to use the maximum responses in all cases as a 
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50 mm Asphalt Concrete Surfacing~ 
130 mm Asphalt Concrete Surfacing 

150 mm Granular Base E·.1tOOMPa, NU=0..10 
E • .145 MPa, NU• 0..15 

300 mm Granular Base 
E= 172MPa, NU·0..15 

E • AflXillhs of E//1$/it:l/J' 
NII · PoisS<Jn~ Ra//() 

150 mm Granular Base 
E ~ 345 MPa, NU= 0 . .15 

500 mm Granular Base 
E= 172MPa, NU=0 . .15 

FIGURE 5 Flexible pavement structures used in analysis. 

common denominator. Analysis shows that the maximum 
response for deflection and strnin occur on che tine at the 
midpoint between the dual tire , regardles of axle spacing. 
The re ponse along thi tine were calculated to i.dentify all 
relevant feature of Ute response cU1ve required for analy i . 

RESULTS 

Effect of Axle Spacing on Pavement Damage 

Load equivalenc.y factors are plotted a a function of axle 
pacing for double and triple axles in Figure 6 and 7, respec

tively. For easier comparisons, the axle loading in Figure 6 
and 7 is kept con tant at a tandard de ign load of 8 160 kg 
(18,000 lb) per individual axle. The re ult. are brie[]y inteJ
preted in the following sections. 

Summation of Pavement Responses to Axle Loads 

Summation methods (methods used to quantify and sum
marize pavement response curves) have a large influence on 
LEFs, notably on LEFs based on surface deflections and 
subgrade strains. In general, the peak method yields the high
est LEFs, followed by the Waterloo method and finally by 
the RTAC method. The LEFs obtained by the integration 
method are shown only for dual axle and surfaces deflections. 
Although the integration method appears to be conceptually 
sound, the selection of the exponent n in Equation 5 (Figure 
3) is arbitrary. Based on the available information and data, 
it is not possible to unequivocally recommend any particular 
summation method; however, the peak method appears to 
be the best candidate. As will be shown later, the summation 
methods have a decisive influence on the LEFs. 

Measured Versus Calculated Pavement Responses 

It appears that the summation method have a larger influence 
on the resulting LEF than on whether the original pavement 
responses (on which the method. operate) were mea ured or 
calculated. For example considering LEFs for dual axles ba ed 
on surface deflections (top of Figure 6). the result · can be 

grouped according to the summation method u ed instead of 
whether the pavement respon e, were measured or calcu
lated. Regarding the quantification of pavement damage caused 
by various load configuration , future efforts should be directed 
toward a better understanding of the influence of variou 
pavement response parameters and the sumrnati n meth d . 
This approach appears to be a much more fruitful endeavor 
than the fine tuni11g of procedures for mea. uring or calculating 
pavement responses to loads. 

Pavement Response Parameters 

Overall, regardless of the summation method used , LEFs 
based on deflections are larger than those based on strains 
(interfacial and subgrade) and decrease with increa ing axle 
pacing. The LEFs based on interfacial tTains and calculated 

by the RTA method increa e (rather than decrease) with 
larger axle pacing. The same also roughly applie to ubgrade 
trai·n processed by the RTA method . This phenomenon 

can be explained by noting that when axle are clo ·e together 
the compressive train in asphalt concrete caused by ne ax le 
can off ct a part of the ten ile strain caused by an adjacent 
axle, effectively reducing the net tensile pavement strain. 
Because the RTAC method does not work with the total strain 
cycle (it excludes compre sive strain from th calculation of 
LEFs) , but still uses the reduced tensile train , the RTAC 
LEFs for interfacial strain can decrea e with axle pacing. 

Axle Spa ·i11g 

For thick pavements, axle spacing has a significant influence 
on LEF , particularly for those determined for surface deflec
tion and vertical strains using the peak method. As expected , 
for large ax le spacings , all LEF (for 8,160-kg loads) tend t 
approach 2.0 for dual axles and 3.0 for triple axle , regardle s 
of response parameters or summation method used . 

Pavement Structure 

The influence of axle spacing on LEFs decreases with the 
decrease of pavement structural strength. Thin, structurally 
weak pavements do not distribute axle loads effectively. Con-
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TABLE 1 AASHTO LOAD EQUIVALENCY FACTORS FOR 
TANDEM (DUAL) AND TRIPLE AXLES (3) 

Axle Type Zero Spacing Typical Axle Spacing 1) Large Spacing 1) 

(only one axle) (independent axles) 

Tandem 13.9 1.38 2.0 

Triple above 53 1.66 3.0 

Note: The actual spacing is not detined. 

Conditions : Flexible pavement, SN= 5, Pt= 2.5. 

Load on each individual axle is 8 160 kg (18 000 lb) . 
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FIGURE 8 Comparison of damage caused by two single axles versus one 
double-axle group (thick pavement). 
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sequently, their responses are governed mainly by individual 
axles and not by the whole axle group. For example, regard
less of axle spacing or the summation method used, LEFs for 
dual axles based on interfacial strains are equal to 2.0. 

Comparison with AASHTO Factors 

Typical LEFs recommended by the AASHTO Guide (3) for 
dual and triple axles are given in Table 1. The AASHTO 
LEFs do not change with axle group spacing. Also shown in 
Table 1 are LEFs for zero spacing and for spacing large enough 
so that axles can be considered to act independently. This 
spacing is not defined by the AASHTO Guide. For example, 
a triple axle with the weight of 8,160 kg (18,000 lb) on each 
of its three axles has an LEF of 1.66 regardless of axle spacing. 
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When the spacing between the three axles exceeds an unspec
ified distance, the LEF jumps to 3.0. If, at the other extreme, 
all three axles are concentrated in one position, the LEF 
exceeds 53. Considering that the spacing between the con
secutive axles can be variable (Figure 1), particularly for axle 
groups that do not equalize loadings, the results suggest that 
the AASHTO LEFs would benefit from including the influ
ence of axle spacing. 

Damage Comparisons 

The maximum allowable axle weight for single axles with dual 
tires in Ontario is 10,000 kg (22,046 lb). This axle weight 
represents 2.0 to 2.1 LEFs, depending on the pavement response 
and pavement structure. The value of 2.0 or 2.1 does not 
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FIGURE 9 Comparison of damage caused by three single axles versus one 
triple-axle group (thick pavement). 
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depend on the (discrete) summation methods used because 
the single axles have only one peak value and the LEF can 
be calculated directly from Equation 2. The corresponding 
AASHTO LEF is 2.18 (3) (for p, = 2.5, and SN = 5.0) . 

If the single axle can be allowed to have a maximum of 2.0 
LEFs, then, based on the principle that any axle can cause 
identical damage, a dual axle can be allowed to have 4.0 LEFs 
and a triple axle can be allowed to have 6.0 LEFs. Based on 
this principle, what are the maximum weights for dual and 
triple axles causing the same pavement damage (per individual 
axle) as the single axle weighing 10,000 kg? How do these 
weights compare with legislative limits? These questions are 
addressed in this section. 

Figures 8 and 9 show the influence of axle spacing and axle 
group weights on LEFs for dual and triple axles. The results 
are shown only for the thick pavement because they are more 
representative. Figures 8 and 9 are derived from calculations 
similar to those used for Figures 6 and 7, respectively. Also 
shown in the two figures are horizontal lines indicating LEFs 
(damage levels) for a corresponding number of single axles. 
For example, considering the results obtained for dual axle 
and surface deflections (top of Figure 8), based on the peak 
method and 1.0-m axle spacing, the total dual axle group 
weight, having the same LEF (causing the same damage) as 
two single axles with the maximum allowable weight (i .e., 
4.20), is about 14,900 kg . 

The results of Figures 8 and 9 are summarized in Table 2 
together with the AASHTO data (3) and the Ontario allow
able limits (2). The following two basic observations can be 
made, based on Table 2: 

1. Ontario permissible weights for dual and triple axles are 
lower than those established by any computational scenario 
with the exception of the deflection-based peak method. The 
greatest difference (3,400 kg) exists for triple axles with the 
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largest spacing (4.8 m) . Ontario regulations allow 28,600 kg, 
whereas the deflection-based peak method would allow only 
25,200 kg. 

2. The AASHTO-based weights are higher than the weights 
based on deflections and interfacial strains regardless of the 
summation method used. They are roughly similar to the 
allowable weights based on a subgrade strain response, eval
uated by the RTAC method. Overall, it appears that the 
AASHTO Guide may underestimate the damaging effects of 
dual and triple axles in comparison with single axles . 

CONCLUSIONS AND RECOMMENDATIONS 

1. Load equivalency factors are significantly influenced by 
(a) pavement response parameters (deflection, strains) on 
which they are based and (b) summation methods used for 
their calculation. There is a need for a better understanding 
of the influence of various pavement response parameters and 
summation methods on the quantification of pavement dam
age caused by multiple axle-loads. 

2. Contrary to the inference based on pavement design 
guides, axle spacings haw a significant effect on pavement 
damage, which should be accounted for in determining the 
permissible load limits on dual and triple-axle units . 

3. Permissible weights on dual and triple axles in Ontario 
are generally lower than those determined by the various 
computational methods used to analyze pavement damage. 
The peak method, however, gives up to 12 percent lower 
permissible weights for larger axle spacings than are allowed 
by Ontario legal limits. 

4. It appears that within the practical range of axle spacings, 
pavement damage can be significantly reduced by increasing 
axle spacings. 

TABLE 2 EQUTV ALENT DAMAGE LOADS FOR DUAL AND 
TRIPLE AXLES' 

How Detennlnad Dual Axle, Spacing Trlple Axle, Spacing 
1.0m 1.8m 2.0m 4.8m 

Dellecllons 

Peak Melhod 14900 16700 20300 25200 
Waterloo Method 18 000 19600 26200 28 300 

Strains, A.C. 

Peak Method 18 300 18900 28300 29900 
RTAC Melhod 19 000 19 700 32100 29900 

Strains, Subgrade 

Peak Method 17100 18600 26100 30100 
RTAC Melhod 20 600 22000 31 000 35500 

AASHT02) 21 600 21600 34300 34300 

Ontario 
Weight Llm1ts3) 15 400 19100 19 500 28600 

The numb1t1s represent the total weight of dual (or triple) axles In kg that causes the ume 
amount of damage as 2 (or 3) single axles with 1 maximum allowable weight of 10 000 kg. 

Notes: 1) (Thick) flexible pavement, SN • 5.7, See Figure 5 

2) Source: Reference 3, SN - 5.7, Pt= 2.5, LEF = 4.2 for dual axle 
or 6.3 lor triple axle. 

3) Source: Reference 2 



Hajek and Agarwal 

ACKNOWLEDGMENT 

The authors would like to express their appreciation to J. 
Polenek, engineering student, University of Waterloo, who 
assisted with the computer analysis. 

REFERENCES 

1. OECD Scientific Experts Group. Heavy Trucks, Climate and 
Pavement Damage. OECD 75775, Organization for Economic 
Cooperation and Development, 1986, pp . D-6- 0-8. 

2. Vehicle Dimf!nsio11 and Weight Limits in Ontario. Ministry of 
Transportation, ompliance Branch, Downsvicw, Ontario, Can
ada, 1986. 

3. AASHTO Guide for Design of Pavement Structures-1986. 
American A ·sociation of State Highway and Transportation Offi
cial , Washington, D .C., 1986. 

4. G . M. Stott, J. J. Hajek, and W. A. Phang. Highway 7N Pave
ment Response and Vehicle Damage Experiment: Construction, 
J11strn111entatio11 , and Mo11itori11g . Report PAV-88-01. Ministry 
of Transportafion, Ontari , 1111ada, J988. 

5. J. T. Christison. Vehicle Weights and Di111e11sions S111dy, Volume 
8: Paveme111 Response to 1-J1111vy Vehicle Tes1 Program, Part I -
Data Summary Report. Roads and Transportation Association 
of Canada, Ottawa, Ontario, July 1986. 

6. J. T. Christison. Vehicle Weights and Di111e11 ·ions Study, Volume 
9: Pave1.11 e111 Response to HeC1vy Vehicle Test Progr(mr, Part 2-
Load £qulvalency Factors. Roads and Transportation Associa
tion of Canada, Ottawa , Ontario, July 1986. 

7. Special Report 61£: AASHO Road Test: Report 5-Pavement 
Research. HRB, National Research Council, Washington, D .C. , 
1962. 

149 

8. J. P. Hall in, J. hom1a , aud J . P. Mahoney. Dcvclopmenr of 
Rigid and Flexible Pavement Load Equivalency Factors for Var
iou Width of Single Tire . ln Tra11sporwrio11 Research Recol'<I 
949, TRB, National Research Council, Washington, D.C., 1983, 
pp. 4-B. 

9. J. J. Hajek and W. A. Phang. Moving from Subjective t Objec
tive Evaluation of Pavement Performance. Proc., 1986 RTAC 
Conference, Toronto, Ontario, anada, September 1986. 

10. J. A. Deacon . Load Equivalency in Flexible Pavement .. Proc., 
A sociation of Asphalt Paving Technologis1s , University of Min
nesota, Minneapolis, 1969, Vol. 38, pp. 465-4 6. 

11. B. G. Hutchinson, R. . G. Ha11 , P. Meyer, K. Hadipour 1111d 

T. Papngianna'kis. Equivalencies of Different Axle Load Groups. 
Proc., 2nd Norrh American 011fere11ce 011Ma1111gi11g1'<111cm1m1s. 
Toronto, Ontario, Canada, November 1987. 

12. ASTM Standard E 1049-8-, 1986 Annual Book of ASTM Stan
dards, Vol. 03.01, ASTM, 1986, pp. 764-772. 

13. A. Prakash and A. C. Agarwal. Tri-Axle 'rttdy: Proposed Meth
odology to lllcly Effect 011 Pavements. Internal Report, Ministry 
of Transportation Ontario. Canada, 1988. 

14. S. Govind and C. M. Walton. A Fatigue Model to Assess Pave
ment Damage. Presented at 69th Meeting of the Annual Trans
portation Research Board, Washington , D .C., 1988. 

15 . ELSYM5. Report FHWA-RD-85. FHWA, U.S. Department of 
Tran portation, 1985 . 

16. H. J. Trcybig. Equivalency Factor Development for Multiple 
Axle Configurations. In Transportation Research Record 9119, 
TRB, National Research Council, Washington, D.C., 1983, pp. 
32-44. 

17. W. P. Kilareski. Heavy Vehicle Evaluation for Overload Per
mits. In Transportation Research Record 1227, TRB, National 
Research Council, Washington, D.C., 1989, pp. 194-204. 

Publication of this paper sponsored by Committee on Flexible Pave
ment Design. 



150 TRANSPORTATION RESEARCH RECORD 1286 

Fatigue Damage Properties of Asphaltic 
Concrete Pavements 

Kuo-HUNG TSENG AND ROBERT L. LYTTON 

The development of material property relations for the two fatigue 
damage properties, K1 and K2, which can be used to predict the 
fatigue life of asphaltic concrete pavements, is described. The 
fatigue damage properties developed are based on the theory of 
fracture mechanics along with regression analysis on published 
beam fatigue data and, thus, can take into account crack initia
tion, propagation, and material properties that are not accounted 
for with the conventional strain-based fatigue equation. The 
approach provides more insight into how these fatigue damage 
properties reflect the fatigue behavior of asphaltic concrete pave
ment while producing acceptable estimates of field fatigue life. 
Derivations have shown that the fatigue damage property K1 is 
dependent on the asphalt mixture and pavement properties, such 
as the parameters of the Paris crack growth law, elastic stiffness , 
and thickness of the asphaltic concrete layer and that the fatigue 
damage property K2 varies with the initial asphalt cement prop
erties, such as asphalt content, viscosity, penetration, and tem
perature. Two significant functions of the fatigue damage prop
erties developed are (a) the prediction of fatigue life allows for 
the application of loading with single or dual tires on single, 
tandem, or triple axles, and (b) they provide for the calculation 
of load equivalence factors for fatigue life as affected by multiple
axle loads. A shift factor that can be used to adjust the laboratory 
(or calculated) fatigue damage properties to that measured in the 
field is also described. This factor takes into account healing and 
residual stresses between applications of traffic loads that are 
responsible for the difference in fatigue life between laboratory 
test results and those measured in the field. 

FATIGUE DAMAGE PROPERTIES OF 
ASPHALTIC CONCRETE PAVEMENTS 

The evaluation of fatigue cracking caused by repeated loads 
is important in the design and prediction of the service life of 
flexible pavements. The procedure conventionally used for 
predicting fatigue life is based on the "phenomenological 
approach," in which , commonly, the fatigue life is measured 
by laboratory testing with a third-point flexural load applied 
on a beam under controlled stress or strain conditions at a 
given temperature and frequency. The fatigue results thus 
obtained from laboratory tests are expressed as a power law 
relation between the tensile strain ( i:) in the bottom of the 
beam and the number of load applications to failure N1. The 
relation is given by 

(1) 

K-H. Tseng, Texas Transportation Institute, Texas A&M University 
Systems, College Station, Tex. 77843. R. L. Lytton, Civil Engineer
ing Department, Texas A&M University, College Station, Tex. 77843. 

where K1 and K 2 are the phenomenological regression con
stants. Once K1 and K2 are obtained from laboratory tests, 
the fatigue life of asphaltic concrete pavement can be esti
mated from Equation 1. A number of laboratory studies (1 ,2) 
have shown that these constants are affected by material prop
erties such as mixture stiffness, air voids, asphalt content, 
viscosity of asphalt cement, and gradation of the aggregate; 
by the dimensions of the test sample; and by environmental 
conditions, such as the temperature during the tests . This 
information indicates that a more profound understanding is 
needed of how these two constants, K1 and K2 , depend on 
the fatigue behavior and material properties of an asphaltic 
concrete mix . 

The objective of this paper is to present the development 
of the fatigue damage properties of asphaltic concrete pave
ments by applying the theory of fracture mechanics to the 
results of laboratory beam fatigue tests. The prediction of 
fatigue life based on the fatigue damage properties that are 
developed also allows for the application of loading with single 
or dual tires on single, tandem, or triple axles. This devel
opment, subsequently, provides for the calculation of load 
equivalence factors for fatigue life as affected by multiple
axle loads. Along with the fatigue damage properties, a shift 
factor is described that takes into account the effects of healing 
and residual stress between applications of traffic loads and 
can be used to adjust the laboratory (or calculated) fatigue 
damage properties to that observed in the field. 

The complete procedures for predicting fatigue life based 
on the fatigue damage properties have been included in the 
FEPASS (Finite Element Performance Analysis Structural 
Subsystem) computer program (3), which is a revised version 
ofILLl-PAVE (4) . The FEPASS program also has the ability 
to predict the rutting and loss of serviceability index of inser
vice payments, taking into account realistic distributions of 
tire contact pressure , both vertical and horizontal , and has 
the ability to provide various amounts of resistance to slip 
between layers. This paper is organized to present a better 
understanding of fatigue characterization of asphaltic concrete 
pavements. Other applications of the FEP ASS program are 
presented elsewhere (3). · 

DEVELOPMENT OF RELATION BETWEEN 
FATIGUE EQUATION AND CRACK GROWTH 
LAW 

Utilizing Paris' crack growth law (5), the number of load 
cycles (N1) can be expressed as 
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(2) 

where C0 is initial crack length, C1 is final crack length, A and 
n are the fracture parameters, and tlK is the difference of the 
stress intensity factor that occurs at the tip of the crack during 
the passage of a load. In addition to the fracture parameters 
in Paris' equation, the stress intensity factor caused by the 
loading conditions and initial crack tip geometry are also 
required to develop equations that model pavement fatigue 
life. A finite element computer program is used to evaluate 
stress intensity factors induced within both the laboratory 
fatigue beam and the asphaltic concrete layer in pavements. 
The program, which was originally developed for plane stress 
or plane strain analysis by Desai and Abel (6) was subse
quently modified by Jayawickrama (7) to allow for the use of 
the energy release method for evaluating stress intensity fac
tors. The stress intensity factors are then computed for various 
crack-tip positions. The computed data for an elastic beam 
fatigue test are reduced to nondimensional form as shown in 
Figure 1 and are represented by the expression 

K (c)q 
d112u=r d (3) 

where 
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u = maximum stress at extreme fiber of the beam 
( = EE), 

E = the elastic stiffness of the fatigue beam corre
sponding to the loading frequency and temper
ature, 

E = the tensile strain at the extreme fiber of the 
beam, 

c = crack length, 
d = depth of the beam, and 

r and q = regression constants; r = 4.397, q = 1.180. 

A laboratory method that measures the fracture properties 
and the strain energy release rate directly is presently in use 
(8). This method, which is known as the J-integral method, 
is applicable to all materials, regardless of their constitutive 
equations. There are no mechanistic methods available to 
calculate the J-integral strain energy release rate for pave
ments in the field, however; thus laboratory methods-although 
they are applicable to all materials-must remain confined 
to laboratory applications for the moment, and the linear 
elastic fracture mechanics method presented here is the only 
laboratory method for which a mechanistic pavement model 
is currently available for field applications. 
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FIGURE 1 Determination of stress intensity factor for various crack
tip positions. 
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Substituting the stress intensity factor from Equation 3 into 
Equation 2, the fatigue life (N1) becomes 

(4) 

The initial crack length ( C0) is estimated to be the radius of 
the largest aggregate particle. This estimation is based on 
laboratory observations. The fracture coefficients A and n are 
determined from laboratory tests as the intercept and slope , 
respectively, on a log-log plot of stress intensity factor (K) 
versus the rate of crack growth (daldN). Equation 4 is iden
tical to Equation 1, which is used to describe the fatigue 
characterization based on the controlled-strain mode in the 
laboratory. Therefore, the fatigue damage properties (K1 and 
K 2) of the fatigue equation can be calculated from 

1-~ [ (C0)

1-"q] d 2 1 - -
d 

K1 = ---------
A (1 - nq) (Er)" 

(5) 

and 

(6) 

It is apparent from Equation 5 that log K 1 depends in a 
complex way on K2 (or n). The empirical observation of a 
"linear relation" of the two variables is thus shown to be 
theoretically incorrect, although a plot of log K 1 versus n using 
Equation 5 normally produces a nearly linear relation. This 
points up the value of having a theory: the relation in Equation 
5 could not have been discovered by using regression analysis . 

In addition to the A and n values obtained from laboratory 
tests, a theoretical equation of crack growth derived by Schap
ery (9) also can be used to calculate these two parameters. 
Experimental studies (10) on asphaltic concrete mixes to ver
ify Schapery's equation have shown that the value of n is 
evaluated by the following relationship, which is derived from 
theory: 

n = 2/m (7) 

where m is the slope of the tensile creep compliance curve 
obtained from laboratory creep tests. However, the value of 
m in this paper is determined alternatively from the straight
line portion of the log-log plot on the mix stiffness versus 
loading time at the test temperature. A computerized version 
of the McLeod nomograph (11) has been developed by Jay
awickrama et al. (12) to calculate the values of m and n when 
creep compliance and other material properties are not avail
able. This program requires input information of (a) pene
tration at 77°F, (b) viscosity at 275°F or at 140°F, (c) service 
temperature, (d) asphalt content, and (e) air void content. 
Alternatively, the same m and n may be calculated using the 
Van der Poe! nomograph (13-15) if the ring-and-ball soft
ening point and penetration are available. 

Theoretically, based on Schapery's equation, the value of 
A can be calculated from those variables such as creep com
pliance, Poisson's ratio, fracture energy, tensile strength, shape 
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of the loading stress pulse, and other factors. The calculation 
of A by means of Schapery's equation is complicated by the 
fact that not all of the variables that are required to calculate 
the value of A in the equation were measured in previously 
published beam fatigue tests. Data from a total of 32 published 
beam fatigue tests were collected from three different sources 
(16-18) and are shown in Table 1. A regression equation for 
estimating A was developed from the data that were available. 

In Equation 5, the parameter A can be rearranged as 

A 

1-~ [ (C0 )

1-"q] d 2 1 - -
d 

(8) 
K1(l - nq)(Er)" 

The value of n and E in Equation 8 are the actual observed 
K2 , and observed elastic stiffness, respectively, and each value 
of A is then back calculated from the available 32 beam fatigue 
test results. The regression analysis is made by using the 
parameter A as the dependent variable and the observed K2 , 

observed elastic stiffness, loading frequency, and specimen 
size as the independent variables. It is found that the value 
of A is best explained in terms of the exponent K2 and the 
elastic stiffness of the mix . The regression equation for A is 
then developed: 

log A = 7.0889 - 2.4755 K 2 (9) 
- 2.1163 log E R2 = 0.86 

Thus, to use Equation 9 for the estimation of A, the flexural 
elastic stiffness (E) is calculated from the McLeod-Van der 
Poe! routine (11,13), and K 2 is equal ton, which is calculated 
from 2/m. The value of m is also calculated with the McLeod
Van der Poe! routine . Once the value of A is estimated and 
mis obtained, the fatigue damage properties (K1 and K2) can 
be evaluated by using Equations 5 and 6. 

COMPARISONS OF CALCULATED AND 
EXPERIMENTAL K1 AND K2 AND ELASTIC 
STIFFNESS 

As described previously, it has been shown that the exponent 
(K2) of the fatigue relation and the exponent (n) of the crack 
growth law are equal to each other. Also shown is that the 
constant K 1 of the fatigue relation is an explicit function of 
several material properties, including the exponent of the 
crack growth law and the size of specimen. It is of interest 
whether these conclusions agree with the experimental results. 

The computation of the slope m of the available 32 labo
ratory data is carried out by using a computerized version of 
the Van der Poe! nomograph (13) and modified by Heukelom 
and Klomp (14). This program was originally developed by 
DeBats (15) and is named PONOS. It has been modified to 
calculate the information that is necessary to determine the 
fatigue parameters of a mix, such as the values of m and n. 
Because the data of Kallas and Puzinauskas do not have the 
ring-and-ball softening point information that is required in 
the PONOS program, an alternative computerized version of 
McLeod's nomograph is used to calculate these fatigue param-
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TABLE 1 FATIGUE TESTING DATA 

Mb: 
Type 

Aaph•ll Vlocoolt:r 
Contenl •l 140 "F 

Penetr•Uon 
"•l 77 °F 

Rl£B 
Sonenlng Pl. 

Air 
Vold 

Temp 
·r 

Freq 

Ho 
Mn:. 
Sin 

Sllff'neH 
lml 

K, K, 

Eppo Brili!h 594 

Sanlucci AC 

Kan .. AC Sur(ac• 

1.9 
6.0 

6.0 
6.0 
6.0 

6.l 
5.9 

6.0 

5.9 
5.9 
5.9 
5.9 
4.9 
4.9 
4.9 
4.9 

4.9 
4.9 
4.9 
4.9 

6.0 
6.0 

6.0 
6.0 
6.0 

6.0 

5.6 
5.7 

5.l 
6.0 
6.0 
6.0 

2840 
1760 
lllD 
2670 
2670 
2670 

21 
36 

JO 

J7 
JS 

26 
JS 

48 

57 
41 
25 
J8 
J8 

26 
28 
28 
J2 

28 
JO 
20 

18 
IJ 

8.5 

21 
JO 
26 

57 
84 

90 

84 
84 

84 

eters. Figure 2 shows the correspondence between the K 2 

values obtained from the available fatigue data and the K2 

values calculated by means of these two computer programs. 
As can be observed, the agreement between prediction and 
experiment is reasonable in general. 

The moduli obtained from beam fatigue tests are referred 
to as the flexural elastic stiffness. It is necessary to know 
whether the stiffness calculated from the McLeod-Van der 
Poe! computer program will result in acceptable agreement 
with the measured flexural elastic stiffness. A comparison of 
the calculated elastic stiffness and those measured flexurfll 
elastic stiffnesses is shown in Figure 3. As seen in the fig
ure, the measured and computed stiffness are in reasonable 
agreement. 

Figure 4 shows the difference between the K, predicted 
from Equation 5 and the measured K 1 derived from the beam 
fatigue test. As can be seen, the predicted values of log K 1 

are slightly smaller (more negative) than those log K, values 
produced from the laboratory. Consequently, the fatigue life 
predicted from Equation 5 and 6 will result in shorter lives 
than from the fatigue relations based on the beam fatigue test. 
The reason for this is likely to be the overestimation of the 
value of A, which is calculated from the regression equation 
(Equation 9) in terms of the exponent of the crack growth 
law and the stiffness of the mix only. However, from a the
oretical point of view, the value of A also varies with other 
important factors such as tensile strength, fracture energy of 
the mix, and others. If an analytical method for computing 
the !-integral strain energy release rate were available to use 

140 
125 

129 
127 
129 

1J2 
129 
55 

SJ 

58 
6J 
56 
56 

61 
57 
56 
59 

56 
57 
70 

71 
70 
66 
66 

59 

66 

5.J8 

5.71 

5.71 
4.49 

4.80 

6.7l 
7.70 
5.50 
8.60 
8.10 
6.60 
5.30 
8.00 

8.40 
7.60 
6.50 

8.20 
7.00 
'i.60 

4.20 
5.JO 

6.50 

6.00 
5.50 
3.90 

4.50 

5.JO 
4.10 
8.60 

3.40 
3.40 
3.40 

68.0 
68.0 

68.0 
68.0 

68.0 

68.0 
68.0 
68.0 

68.0 
68.0 
68.0 
68.0 
68.0 

68.0 
68.0 
68.0 
68.0 

68.0 
68.0 

68.0 
77.0 

77.0 

77.0 
77.0 
77.0 

77.0 

70.0 
70.0 
70.0 

55.0 
70.0 

85.0 

1.67 

1.67 

J.67 
J.67 
1.67 

J.67 
J.67 

1.67 

1.67 

O.J75 

0.375 

0.375 
0.438 
0.438 

0.438 
0.750 
0.750 

0.500 
1.67 0.500 
J.67 0.500 

1.67 0.600 
1.67 0.625 
J.67 0.625 
1.67 
J.67 
I.67 

J.67 
1.67 
1.67 

1.67 

1.67 

0.625 
0.625 
0.6l6 
0.625 
0.616 
0.760 

0.375 
O.J75 

1.67 0.375 

1.67 0.375 
J.67 0.376 

1.67 0.375 
2.0 0.500 
2.0 0.600 

2.0 0.500 
2.0 0.500 
2.0 0.500 

l.O 0.500 

570 
ll8 
l73 

l88 
318 

298 
164 
576 

368 
3J5 
303 
477 
HO 
390 
499 
497 

362 
600 
430 

274 

616 

377 
866 

1175 

758 

411 

195 
163 
179 
469 
192 

90.0 

6. JJ " 10-1 

3.10 x 10-• 

8.91 >< m-' 
l.87 x 10-• 

J.ll >< m-' 

1.34 x m-' 
2.12 x m-• 

I.JO >< m-•• 
1.60 x m-• 

3.JIJ 
2.486 
2.962 

2.8l2 
3.210 

3.lll 
3.101 

4.170 

2.360 
1.13 x m-• 2.1n 
8.23 x m-• 3.671 

1.s1 x m-• 2.794 
1.09 x m-' J.llO 
1.26 x m-• 2.662 
4.56 x m-• 
1.60 x m-• 

2.21 x m-• 
e.62 x m-• 
3.68 x m-• 
!.67 x m-' 
1.43 )( 10-•0 

3.Je >< m-• 

2.500 
2.893 
2.866 

2.698 
2.n8 
2.970 

4.18l 
J.931 

9.5 I x m-• 3.678 
3.36 x m-• 3.125 
9.49 x rn- 11 4.n 

4.90 x m-• 3.en 

2.73 x m-' 3.25 
1.37 )( 10-• 3.27 

6.s2 x m-• 2.60 
2.32 x 10-• 3.99 
4.00 >< 10-• 3.08 
1.40 x m-• J.41 

in computing the constants in the equation for K 1 (Equation 
5), taking into account the actual elasto-plastic viscoelastic 
constitutive equation of the mixture, the fit in Figure 4 would 
undoubtedly be better. Table 2 shows the comparisons of the 
results obtained from the experimental and calculated stiff
ness (K1 and K2 ). 

FATIGUE DAMAGE PROPERTIES CAUSED BY 
MULTIPLE-AXLE LOADS 

The procedures used for calculating the fatigue life of pave
ments caused by a tandem-axle load are different from those 
caused by a single-axle load that has been described in the 
previous section. With a multiple-axle load on a pavement, 
the radial tensile stress at the bottom of the asphalt layer has 
multiple peaks instead of just one peak, as with a single-axle 
load. Thus, the fatigue life of the pavement, in terms of the 
number of axle loads to failure, is reduced. In Equation 5, 
the value of K, is related to the value of A, which is a function 
of the wave shape of the loading strain pulse (9). A general 
form of the ratio ~ for a multiple-axle to a single-axle load in 
A is given as 

{"''"' Jo wm(t)" dt 

{"''' Jo w5 (t)" dt 

(10) 
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FIGURE 4 Comparison between measured and predicted K, values. 

where wm (t) is the wave shape of the normalized tensile strain 
at the bottom of the asphalt concrete layer produced by a 
multiple-axle load and ws(t) is the wave shape of the nor
malized tensile strain produced by a single-axle load. l::i.tm and 
l::i.ts are the times required for the strain caused by a multiple
axle and a single-axle load, respectively, to build up and 
diminish. The ratio of these two integrations in Equation 10 
is the ratio of the two shaded areas shown in Figure 5, which 
are the result of raising the normalized wave shaped to the 
n-power. 

The procedure to determine the wave shape of the loading 
pulse caused by a tandem-axle load, for instance, is first to 
calculate the tensile strain at the bottom of the asphalt con
crete layer. The procedure is done by superposition, adding 
together the tensile strain caused by the first axle and the 
overlapping tensile strain caused by the second axle load. The 
normalized wave shape of the loading pulse is then obtained 
by dividing the tensile strain from point to point by the peak 
tensile strain. The loading time (l::i.,) is determined by dividing 
the distance corresponding to the full range of tensile strain 
by the vehicle speed. For a single tire on a single axle, the 
wave shape of the loading pulse is obtained directly from the 
normalized tensile strain at the bottom of the asphalt con
crete layer. 

The procedure described above is also applied to calculate 
the value of the ratio of dual tires on a single axle or multiple 
axles to a single tire on a single axle. Thus, the expression of 
the fatigue damage property K 1 for multiple axle loads is given 
by 

I-~ [ (Co)l-nq] d 2 1 - -
d 

(11) 
£,4(1 - nq)(Er)n 

For a specific pavement section and material parameters, the 
value of the ratio~ varies with load configuration. To illustrate 
the calculation of the ratio for the various types of load con
figuration by using the FEP ASS computer program, an exam
ple pavement section is used. The thickness of the asphalt 
concrete layer varies from 1.5 to 6 in., whereas the thickness 
of the base course is fixed at 8 in. A modulus of 500,000 psi 
is used for the asphalt concrete; the resilient moduli of the 
base course and subgrade soils are a function of stress state 
and are 7 ,000rr0°·35 and 27 ,OOOu .f 1.o6

, respectively. All of the 
calculations are based on a 4,500-lb uniform circular load with 
80 psi pressure as representation of the single tire on a stan
dard 18-kip single-axle load. The spacing between dual tires 
and between axles is assumed to have a value of 12 and 48 
in., respectively. The vehicle speed is assumed to be 55 mph. 

Table 3 shows the results of calculations of the ratio (~) as 
a function of load configuration, surface layer thickness, and 
typical values of n. As can be seen in the table, the values of 
the ratio for single or dual tires on tandem axles are twice 
those for single or dual tires on a single axle. When the surface 
thickness is over 4 in., the value of the ratio for dual tires on 
a single axle or tandem axles to a single tire on a single axle 
decreases with an increasing magnitude of n. At 4 in. of sur
face thickness, the value of the ratio for dual tires on a single 
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TABLE 2 COMPARISONS OF EXPERIMENTAL AND CALCULATED STIFFNESS 
(K1 AND K 2 ) 

Vnln Source Mix (E),.p (E)car 
Type bi le Ji 

Epps llrllisb 59~ 570 301 
228 265 
273 332 
288 339 
318 329 
298 208 
164 113 
576 842 
368 149 
335 127 

303 283 

477 381 

340 149 

390 210 

499 243 
497 314 
362 176 

5UO 276 
430 219 
274 559 

Santucci AC 61& 417 

377 397 
866 613 
1175 978 

758 554 
422 387 

Kallas AC Surface 195 305 
153 179 

179 104 

469 439 
192 190 
90.0 72 

axle to a single tire on a single axle varies from 1.29 to 1.14 
when the magnitude of n is varied from 2 to 5. This value 
also implies that the fatigue life of pavements resulting from 
dual tires on a single-axle load may have a range of 0. 78 to 
0.88 times smaller than that resulting from a single tire on a 
single-axle load when an asphalt concrete mix exhibits the 
properties of n from 2 to 5. The dual tires each carry the same 
load as the single tire. And by these figures, the passage of 
a single tire carrying 4,500 lb is equivalent to 0.78 to 0.88 
passes of dual tires on a single axle carrying 9,000 lb. Because 
the latter is the benchmark 18-kip single-axle load, the load 
equivalent factor in fatigue for a 9-kip single-axle, single-tire 
load is between 0. 78 and 0.88 for a 4-in.-thick asphalt surface 
layer. Table 4 contains the results of all of these calculations 
of the 18-kip equivalent single-axle loads in fatigue as a func
tion of load configurations, surface layer thickness, and the 
values of n. 

SHIFT FACTOR 

The fatigue life of pavements determined from laboratory 
fatigue tests generally is lower than that observed in the field. 
The reason that the equation fails to predict pavement fatigue 
is because of the following major differences between the field 
and laboratory loading conditions: 

(Kt) .. , (KiJcar (/C2)eep (1<2) .. 1 

6. lJ x L0 - 8 3.39 x 10- e 3.383 3.143 
3.20 x 10- 5 8.21 x 10- 1 2.485 2.810 
8.91 x 10- 1 6.44 x 10-8 2.962 2.910 
2.81 x 10- 9 4.29 X 10-7 2.832 2.980 
u2 x 10- 1 4.52 X 10- 7 3.260 3.010 
t.34 x 10- 1 4.61 x iu- 0 3.222 2.870 
2.12 x 10-9 1.30 x lo- 8 3.602 3.030 
1.lOxlO-ID 8.16 x 10- 1• 4.170 4.220 
l.60 x IU- 4 l. 77 x 10- 9 2.350 3.190 
1. 73 x 10- 9 4.0l x io- 8 2.713 3.120 
8.23 x 10- 9 1:62 x lu- 8 3.671 3.470 
7.51 x 10- 9 8.59 x lo- 8 2.i94 3.260 
1.09 X 10- 7 8.80 x 10- 8 3.220 2.960 
1.26 x iu- 1 6.7lxlU- 7 2.652 3.190 

4.56 x 10- 1 5.53 x 10-9 2.500 3.010 

l.60 x I 0- 9 2.01 x 10- 0 2.893 2.960 
2.21 x 10- 9 2.G8 x 10-8 2.850 3.060 

8.52. x 10- 9 2.35 x lo- 0 2.698 2.990 

3.58 x 10- 9 62.48 x 10-8 2.798 3.030 
9.67 X 10- 7 3.34 x 10- 9 2.970 3.354 
l.43 X 10-ID 1.20 X 10-B 4.182 3.988 

3.18 x 10- 9 4.13 x 10- 9 3.931 4.018 
9.51 x 10- 9 2.56 x 10- 9 3.678 3.785 
3.36 x 10- 9 2.60x 10- 1 3.225 3.369 

9.49 x 10- 11 3.83 x I o-e 4.27 3.746 
4.9o x 10- 9 1.46 x 10-8 3.876 3.266 
2.73 x 10- 7 6.63 X 10-B 3.25 3.368 
1.37 x 10-G 2.71 x 10-e 3.27 3.177 

6.52 x 10- 1 8.17 x 10- 1 2.50 2.960 
2.32 x 10- 9 6.26 x 10- 9 3.99 3. 731 
4.00 x 10- 9 3.77 X 10- 7 3.08 3.332 
l.40 x 10- 9 LOO x 10- 9 3.45 3.070 

1. In the field, there is a rest period between load appli
cations that allows the pavement material to relax. Laboratory 
loading is applied rapidly with no rest pt:riml between appli
cations. 

2. In the field, compressive (or tensile) residual stresses can 
remain on the bottom of the surface layer after the passage 
of each load and hence "prestress" the layer so that the tensile 
stresses that occur when the next heavy load passes cause 
much less (or much more) fatigue damage , depending on 
whether the asphalt layer accumulates more (or less) residual 
stress than the base course layer beneath it. In the field, these 
residual stresses relax with time; with a sufficient waiting period 
between loads, no residual stress will remain. In the labora
tory, residual stresses also build up in fatigue samples. After 
several cycles, tension acts on one face during loading and 
the same magnitude of tension acts on the other face during 
the rest period between load pulses, as shown in Figure 6. 

Thus, the residual stress history of asphaltic mixes in the 
laboratory is greatly different than that in the field . 

Yandell and Lytton (19,20) in their study of the residual 
stress in a pavement have found that, because of residual 
compressive or tensile strain, the tensile stress resulting from 
a wheel load application is approximately between 80 and 120 
percent of the strain resulting from the preceding wheel load 
application. During the rest period between load passes, two 
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FIGURE S Wave shape of loading pulse produced by (a) tandem axles and (b) single-axle 
load. 

TABLE 3 VALUES OF RATIO m FOR VARIOUS LEVELS OF AXLE 
CONFIGURATIONS, SURFACE THICKNESS, AND n 

Surface Ralio, ( 

n= ~ Thickness Single Axle Tandem Axle• Triple Axles 
(inches) Single Tire Dual Tires Single Tire Dual Tires Single Tire Dual Tires 

2 1.00 1.00 2.00 2.00 3.00 3.00 
3 1.5 1.00 1.00 2.00 2.00 3.00 3.00 

1.00 1.00 2.00 2.00 3.00 3.UO 
5 1.00 1.00 2.00 2.00 3.00 3.00 
2 J.00 1.00 2.00 2.00 3.00 3.00 

2.0 1.00 1.00 2.00 2.00 3.00 3.00 
4 I.OD 1.00 2.00 2.00 3.00 3.00 

1.00 1.00 2.00 2.00 3.UO 3.UO 
2 J.00 J.00 2.00 2.00 3.00 3.00 
3 2.5 J.00 1.00 2.00 2.00 3.00 3.00 
4 1.00 1.00 2.00 2.00 3,UO 3.00 

1.00 1.00 2.0U 2.00 3.00 3.00 
1.00 l.00 2.00 2.00 3.00 3.00 

3 3.0 1.00 1.00 2.00 2.00 3.00 3.00 
4 l.00 1.00 2.00 2.00 3.00 3.00 

1.00 1.00 2.00 2.00 3.00 3.00 
2 1.00 1.00 2.00 2.00 3.00 3.00 

3.5 1.00 1.00 2.00 2.00 3.00 3.00 
J.00 J.00 2.00 2.00 3.00 3.00 

5 J.00 1.00 2.00 2.00 3.00 3.00 
2 l.UO 1.29 2.00 2.58 3.0() 3.87 
3 4.0 1.00 J.22 2.00 2.44 3.00 3.66 
4 1.00 l.l j 2.00 2.34 3.00 3.51 

J.00 1.14 2.00 2.28 3.00 3.42 
1.00 1.43 2.00 2.86 3.00 4.29 

5.0 1.00 1.35 2.00 2.70 3.00 4.05 
1.00 1.28 2.00 2.56 3.00 3.84 

5 1.00 1.22 2.00 2.44 3.00 3.66 
2 1.00 2. 18 2.00 4.36 3.00 6.54 
3 6.0 1.00 2.15 2.00 4.30 3.00 6.45 
4 1.00 2.12 2.00 4.24 3.00 6.36 
6 1.00 2.07 2.00 4.14 3.00 6.21 
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TABLE4 VALUES OF LOAD EQUIVALENT FACTORS FOR VARIOUS LEVELS OF AXLE CONFIGURATIONS, 
SURFACE THICKNESS, AND n 

18-k.ip Equivalent Single Axle Load 
Surface in Fatigue 

n= .!. Thicknesa Single Axlt T nndem A it lcs Trip le Ait les m 
(inches) Single Tire Dual Tires Single Tire I Dual Tiresl Single Tire I Dual Tire11l 

9 k.ips 18 kips 
2 1.00 1.00 
3 1.5 1.00 1.00 
4 1.00 1.00 
5 1.00 1.00 
2 1.00 1.00 
3 2 .0 1.00 1.00 
4 1.00 1.00 
5 1.00 1.00 
2 1.00 1.00 
3 2 .5 1.00 1.00 
4 1.00 1.00 
5 1.00 1.00 
2 1.00 1.00 
3 3 .0 1.00 1.00 
4 1.00 1.00 
5 1.00 1.00 
2 1.00 1.00 
3 3.5 1.00 1.00 
4 1.00 1.00 
5 1.00 1.00 
2 0 .78 1.00 
3 4 .0 0 .82 1.00 
4 0 .85 1.00 
5 0.88 1.00 
2 O.iO 1.00 
3 5 .0 0 .74 l.00 
4 0 .78 1 .00 
5 0 .82 1.00 
2 0 .46 1.00 
3 6.0 0 .47 1.00 
4 0 .47 1.00 
5 0.48 1.00 

t 9 kips each axle 
t 18 kips each ade 

recovery processes may be taking place. In one process, the 
material relaxes and loses some of its residual stress, thus 
increasing or decreasing the tensile stress level applied by the 
next load application. In the other process, the microcracks 
in the material beyond the visible cracks are allowed to heal 
partly because of the viscoelastic recovery of the asphalt cement 
and partly because of the reformation of bond forces in the 
material after the removal of the applied load. These two 
effects together will result in increasing the fatigue life of 
pavements subjected to the traffic loads (8). 

Based on the findings as described above, Lytton (class 
notes, 1983) presented an analytical technique that may be 
used to estimate a shift factor between laboratory and field 
fatigue life, as shown in Figure 7. The shift factor consists of 
two components and is given by 

18 k.i ps 36 k.ips 27 k.ips 54 kips 
2 .00 2 .00 3.00 3 .00 
2 .00 2 .00 3 .00 3 .00 
2 .00 2 .00 3.00 3 .00 
2 .00 2 .00 3 .00 3 .00 
2 .00 2 .00 3 .00 3 .00 
2 .00 2 .00 3 .00 3 .00 
2 .00 2 .00 3 .00 3 .00 
2 .00 2.00 3.00 3 .00 
2.00 2.00 3 .00 3 .00 
2.00 2.00 3.00 3 .00 
2 .00 2 .00 3 .00 3 .00 
2 .00 2 .00 3 .00 3 .00 
2 .00 2.00 3 .00 3 .00 
2 .00 2 .00 3 .00 3 .00 
2 .00 2 .00 3 .00 3 .00 
2 .00 2 .00 3 .00 3.00 
2 .00 2 .00 3 .00 3 .00 
2.00 2 .00 3 .00 3 .00 
2 .00 2 .00 3 .00 3 .00 
2 .00 2.00 3.00 3.00 
1.55 2 .00 2 .34 3 .00 
1 .64 2 .00 2.46 3.00 
1.71 2 .00 2.55 3.00 
1.75 2.00 2.64 3 .00 
1.40 2 .00 2 .10 3.00 
1.48 2 .00 2 .22 3 .00 
1.56 2 .00 2 .34 3 .00 
1.64 2 .00 2 .46 3 .00 
0 .92 2 .00 1.38 3.00 
0.93 2 .00 1.41 3.00 
0 .94 2 .00 1.41 3 .00 
0 .97 2.00 1.34 3.00 

SF = (SF,)(SFh) (12) 

where 

SF, = the shift factor caused by residual stresses, and 
SFh = the shift factor caused by healing during rest periods. 

Shift Factor Caused by Residual Stress 

During a rest period, the residual stress (a,) relaxes because 
of the relaxation of the material and is given by 

a,(t) = E(t)E,p0 (13) 
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FIGURE 6 Residual stress built up during the fatigue beam test (15). 

where 

Po the percent of total strain remaining in the pave
ment as residual strain immediately after the pas
sage of the load, 

E = total tensile strain, and 
E(t) elastic stiffness at time t. 

In this equation, E(t) is a function of time given by 

(14) 

where £ 0 is the initial elastic stiffness and mis the exponential 
relaxation rate, which varies between about 0.2 to 0.8 (21) . 

With time, the effective residual strain is equal to residual 
stress divided by the initial elastic modulus E0 • Thus, the 
actual tensile strain at the bottom of the asphaltic concrete is 
given by 

(15) 

Thus, the shift factor caused by residual stress can be esti
mated by 

(16) 

where, as shown in Figure 7, N10 is the number of cycles to 
failure for the total tensile strain, N1c is the number of load 
cycles to failure for the tensile strain altered by the residual 
stress, and K21 is the value of K2 determined from the labo
ratory. 

Shift Factor Caused By Rest Periods 

To develop the shift factor (SFh) caused by the effect of rest 
periods, data from the overlay tester are used. The overlay 
tester is a fatigue testing machine developed at the Texas 
Transportation Institute (JO). The machine was originally 
designed to model displacement caused by thermal stresses 
in asphalt pavements resulting from cyclic changes in the 
ambient temperature. Because of its versatility and repeata
bility, the overlay tester has made itself a regular part of the 
laboratory investigation of fatigue characteristics. 

Balbissi (22), in his study of fatigue characteristics based 
on laboratory overlay tester tests for Sulflex, revealed that 
the healing of the material after the rest period produces an 
increase in the force required to open the crack to the constant 
displacement level used in the overlay test. This results in an 
energy increase (~u,.) as assessed by the area of the load-crack 
opening loop as shown conceptually in Figure 8. He also found 
that two empirical relations can be derived from the results 
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FIGURE 7 Schematic illustration of shift factor. 

of the overlay tester tests to evaluate the shift factor for Sulflex 
caused by the effect of the rest period. These two relations 
are given as follows: 

!::~ = (~r (17) 

and 

where 

(18) 

t; = the time length of a load pulse with rest periods, 
t0 = the time length of a load pulse without rest 

periods , 
N1 = number of cycles to failure with rest period 

(t,), 
N 0 = number of cycles to failure without rest period, 
n,; = number of rest periods of length (t;), 

l::.u; = change of fracture energy with rest period (t;), 
l::.u0 = change of fracture energy without rest period, 

and 
m0 and h = regression constants. 

Thus, combining Equations 17 and 18, the shift factor (SFh) 
can be expressed by 

SFh = Nr = 1 + n,mo (!i.)1r 
No No to 

(19) 

This equation indicates an increasing shift factor, caused by 
healing, as the number of rest periods is increased. In pave
ments with more frequent traffic, such as passenger vehicles, 
the rest period is very short and the shift factor should be 
small; the less frequent vehicles should have a large shift 
factor. 

Based on Balbissi's study, similar relations for asphaltic 
concrete are assumed in this study. The data obtained from 
overlay tester tests on asphaltic concrete are summarized in 
Table 5. According to Equation 19, the regression constant 
h is equal to 0.427 from the data given. Because there is lack 
of information on the number of cycles to failure without a 
rest period (N0 ) from the given data, the regression constant 
(m) cannot be obtained from Equation 18. However, it is 
assumed that the shift factor caused by the rest period is equal 
to 13, which is based on the study by Finn et al. (23) on Loop 
6, section 315 of the AASHO Road Test. The load applica
tions on this section were about 280,000 from November 1958 
to September 1959. From this, t; values can be calculated and 
t; is approximately 103 seconds. The t0 value is equal to 0.025 
seconds based on a 30-kip single-axle load vehicle with a 
velocity of 35 mph. From this information in conjunction with 
the known regression constant h, the value of m0 is back 
calculated from Equation 19. A shift factor (SFh) of the fol
lowing form is then developed based on the above-mentioned 
assumptions and also on the limited available overlay tester 
data. 

(20) 



Tseng and Lytton 

(a) 

.!J 

"tJ 

'" 0 
-I 

c: 
0 

"' c: 
~ 

161 

Crack Ope n ing llnches) 

(b) 

"tJ 
rd 
0 
.J 

c: 
0 
(I] 

c: 
QI 
I-

Load Cycle 
After Rest of 

Period ti 

Crack Opening Un . ) 
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period in the overlay test. 

Combining the two shift factor proportions together yields: 

SF = (l l )K" [1 + 5.923 
± Pol- "' 

x 10-6n,, (t;)o421] (21) 

With the shift factor (SF) known, the values of Klf and K 21 
(field values of K 1 and K 2 ) can be calculated from the geom
etry relation of Figure 7 and are given by 

log SF 
Kzt = Kz1 - ------=-----

- (log K ,1 - a) loge, 
Ku 

and 

(22) 

(23) 

where 

K11 and K21 = laboratory values of K1 and K2 , 

e, = maximum tensile strain at the bottom of the 
asphalt concrete layer, and 

ex = value at the intersection of the field and lab
oratory fatigue relations. An estimated value 
of this constant is 7 to 8, assuming a no-rest 
condition for the strain level corresponding 
to passenger traffic. 

The use of these equations to predict the fatigue life of 
flexible pavements in the field has been completed with excel
lent results for the 12 selected AASHO Road Test sections 
and for the 8 pavement sections in Florida (24). A detailed 
description of these results and a comparison with observed 
fatigue lives are discussed in a previous report (J) and require 
more space than is available in this paper. It is sufficient to 
note that the above formulation works well in predicting the 
fatigue service life of pavements. An example of these pre-
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TABLE 5 SUMMARY OF OVERLAY TEST DATA WITH 
REST PERIOD 

6u; 6u 0 ti, sec 6u;/6u 0 l;/1 0 

9.997 29.24 600 0.342 60 
9.837 15.33 1,800 0.642 180 
6.9!14 13.27 1,200 0.525 120 
8.109 10.82 3,000 0.749 300 
4.303 9.99 300 0.431 30 
5. 713 6.25 2,400 0.914 240 

C2035 9.166 16.93 600 0.541 60 
10.185 12.13 3,000 0.840 300 
8.329 13.40 1,200 0.622 120 
7.833 10.68 2,400 0.733 240 
5.546 9. 75 600 0.569 60 
5.889 9.36 1,800 0.629 180 
1.236 9.36 uoo 0.132 60 

lo = 10 sec. 

dictions is shown in Figure 9, in which a residual stress factor 
(p0) of - 0.20 was used in calculating the shift factor. 

CONCLUSIONS 

A complete development of the fatigue damage properties 
for predicting the fatigue life of asphaltic concrete pavements 
has been presented in this paper. The equations of fatigue 
damage properties are derived from the theory of fracture 

N 
800 " >. 
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mechanics, which models both the beam fatigue testing in the 
laboratory and crack growth through pavement surface layers 
in the field. These properties take into account crack initia
tion, propagation, and material properties and are believed 
to be a better expression of the fracture process than the 
phenomenological approach used in fatigue predictions in the 
past. The principal conclusions based on the development 
presented in this paper are as follows: 

1. The fatigue damage property K 1 of the controlled-strain 
based fatigue equation is dependent on the properties such 
as n, A, stiffness, specimen size, and the initial crack size. 

2. Based on the relations inferred from Equation 5, the 
fatigue damage property K 1 increases with increasing asphaltic 
concrete thickness for brittle mixes with n > 2, but increases 
with thinner layers for ductile mixes with n < 2. The K 1 

property increases as the maximum size of aggregates in the 
mix decreases. In other words, an asphalt concrete mix con
taining a larger maximum size of aggregate will have a shorter 
life. These relations were not investigated in the experiments 
analyzed in this paper because none of the experiments used 
fracture mechanics as a basis for the experimentation. One 
of the purposes of theory is to propose new relations that can 
be tested by further experimentation. Because of the obvious 
success of the theory in other regards, these inferred relations 
are obvious candidates for the next round of experimentation. 

3. The fatigue damage property K 2 of the controlled-strain 
based fatigue equation and the exponent n of the crack growth 
law are equal to each other. 
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4. The fatigue damage property K 2 varies with the initial 
asphalt cement propertie , such as asphalt content, viscosity, 
penetrati.on and temperature. 

5. The fatigue predictions also allow the loading to be 
applied with single or dual tires on a single axle , tandem 
axles, or triple axles, and for fatigue load equivalence factors 
to be calculated. 

6. The application of the fatigue damage properties devel
oped can be used to calculate the load equivalence factors 
that take into account the fatigue life of asphallic concrete 
pavements caused by a single-axle load or a multiple-axle 
load. 

7. The known hift factor between th laborat ry and fie ld 
fatigue life is attributable to the effect · of hea ling during the 
rest period between load application and residual st res. e. 
during the load applications. 
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Assessment of Damage Caused to 
Pavements by Heavy Trucks in 
New England 

K. WAYNE LEE AND WENDY L. PECKHAM 

An attempt was made to investigate damage caused to pavement 
by benchmark (based on rederal maximum weight limit for inter
state highway ystem ) and heavy trucks in New -ngland . Because 
the weigh-in-motion (WfM) data were available from Maine and 
Rhode I land thi ·tudy u ed WIM data rather than sample or 
partial data. Two computer programs HETR Mand HETROR, 
were developed to extract heavy axles or trucks from WIM darn 
for further analysis. Two empirical procedure based on AA HTO 
lmerim and 1986 Design guides were developed. Thee require 
two computer programs, HETRIG and HETRNG , respectively, 
to convert heavy axles to the equivalent 18-kip single-axle loads. 
After creating the traffic input data, a series of analyses was 
performed with the aforememioned empirical procedure . In 
addit ion, a preliminary onaly i was also carried out using 
mechanistic procedure based on the Asphalt Institute' DAMA 
and the Federal Highway Administration's VESYS 3A-M pro
gram . There were consistent observations, in all cases, that heavy 
trucks caused more damage than benchmark trucks . It wa also 
observed that more damage caused by heavy trucks was predicted 
when there is a higher legal weight limit. 

Highway transportation of goods has risen to the top of private 
sector transportation issues. Innovation in the movement of 
freight on the highway system promises tremendous produc
tivity advantages but brings with it complex safety and reg
ulatory issues. For example, heavy vehicles, which are being 
used more frequently, account for a disproportionate share 
of pavement wear. The size and weight of the vehicle fleet 
affect the costs associated with building and repairing roads. 
Research in truck productivity , safety , and road wear will 
continue to play a significant role in resolving these issues (1-
5). 

This research project investigated one of the issues , i.e., 
damage caused to pavements on the interstate highway net
work by benchmark (based on maximum weight limits for an 
interstate highway system) and heavy trucks. The project was 
initiated by the New England Surface Transportation Con
sortium (NETC), Cambridge, Mass . The NETC set their 
objectives to address the problems of the highway network 
and to resolve these issues. To achieve these goals , the NETC 
assigned projects or topics to research teams within the New 
England region. The pieces of information found in this research 
will provide a significant link in the objective scheme of NETC. 
In addition to NETC's primary interest , the consortium would 
also like to make uniform the five NETC states-Maine, 

K. W. Lee, Department of Civil Engineering, The University of Rhode 
Island, Kingston, R.I. 02881. W. L. Peckham, Design Seoiion, Rhode 
Island Department of Transportation, Providence , R.I. 02903 . 

Massachusetts, New Hampshire, Vermont, and Rhode Island
with respect to such factors as weight limits, design methods, 
and fee issuance (6, 7). Table 1 shows the limits that currently 
apply to these states (8). This project concurred with this 
interest by making uniform the weight limits used. 

The intent of this project was to provide procedures to 
assess pavement damage caused by overweight trucks or heavy 
axles . In doing so , a procedure may be chosen to determine 
how much damage is occurring on a pavement. The assess
ment's results can be applied to NETC's goal by providing 
vital information to plan more adequate pavement designs or 
issue more appropriate trucking fees, or both. Consequently, 
the building, repairing, and fee costs more proportionately 
will reflect the damage . 

ASSESSMENT OF PAVEMENT DAMAGE CAUSED 
BY HEAVY TRUCKS 

To assess the pavement damage it was necessary to develop 
procedures to quantify the damage, identify the legal axle 
loads to be used, elect a representative location for the data 
collection, and formulate input data . 

It was found that each NETC state has various combinations 
of legal load limits, a hown in Table 1. To develop a more 
uniform procedure for the e states, the uniform load limits 
we re set fo r each axle configuration. These limits were agreed 
on by the NETC technical committee to follow the current 
federal load limits. 

The representative locations were selected where the weigh.
in-motion (WIM) data we re available and most recently col
lected on flexible pavement interstate highways. Two states, 
Maine and Rhode Island, provided the WIM data to be used . 

In addition to the traffic data , the states were also asked 
to provide the pavement cross-section at the site, properties 
of subgrade soils, and monthly average air or pavement tem
perature or both on these locations. Thi project was mainly 
intended to provide procedures tha t as ess the pave ment dam
age. The project also present ome of the actual effects of 
heavy trucks on highway pavements . This report could serve 
as a basis for future studies of this region and related areas . 

Data Management 

Items for the data management included (a) the site location, 
(b) pavement structure and truck fleets, (c) the method of 
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TABLE 1 LEGAL AXLE AND GROSS LOADS BY 
AGENCY FOR INTERSTATE HIGHWAYS 

STATUARY AXLE 
LIMITS (LB) 

GROSS VEHICLE 
WEIGHT (LB) 

FIVE OTHER 
AGENCY SINGLE TANDEM AXLES COMB. 

MAINE 20,000' 34,000 

MASSACHUSETTS 22,400 36,000 

NEW HAMPSHIRE 22,400' 40,000" 

RHODE ISLAND 22,400 44,000 

VERMONT 22,400 36,000 

FEDERAL LIMIT 20,000 34.000 
(NETC) 
(STAA, I 982) 

BF = BRIDGE FORMULA 

TB= A TABLE OF ALLOWABLE 
GROSS VEHICLE WEIGHTS 
DERIVED FROM THE 
BRIDGE FORMULA 

OT= TABLE OTHER THAN THE 
BRIDGE TABLE 

SM = SPECIFIED MAXIMUM 
LIMITS 

80,000 80,000 

80,000 80,000 

80,000 80,000 

80,000 80,000 

80,000 80,000 

80,000 

a = 20,000 LB, IF 
GROSS WEIGHT 

EXCEEDS 73, 280 
LBS 

b = 34,000 LB. IF 
GROSS WEIGHT > 
73,280 LBS AND 
IF AXLES ~ 8 
Fr. APART 

BASIS 
FOR 

GROSS 
WT. 
LIMIT 

SM, BF 

SM,BF 

TB,SM 

SM,BF 

OT 

data collection, and ( d) the arrangement of the data collected. 
The data management was necessary to develop a link from 
data collection to the analysis process. 

Site Location 

The data for both states were collected on Interstate 95. The 
sites were in Yarmouth-Freeport, Maine, and Hopkinton, 
R.I. The highway in both cases is a four-lane divided highway 
having two lanes in each direction. 

Highway Pavement Structures and Truck Fleets 

Route 95 in Maine was opened to traffic in November 1973. 
The pavement structure consists of a 3-in. asphalt concrete 
surface course, a 6.5-in. asphalt concrete base course, a 4-in. 
aggregates base course, a 9-in. aggregates subbase course, 
and a 16.5-in. selected granular material subgrade (Figure 1). 
Many of the pavement properties were not supplied; there
fore, a majority needed to be estimated . The average air 
temperature per season is as follows for this area: summer, 
66.9°F; fall, 48.4°F; winter, 21.7°F; and spring, 43.1°F. These 
temperatures are for the year the WIM data were collected. 

The original Route 95 interstate in the Hopkinton area of 
Rhode Island was constructed in 1962. A contract was put 
out in 1969 for a resurfacing. The original structure consisted 
of a 3-in. asphalt concrete surface course, a 2.5-in. bituminous 
macadam penetration course, a 5.5-in. crushed gravel base 
course, and a 12-in. gravel foundation on the subgrade of a 
fine brown sand. The resurfacing consisted of a 3-in. asphalt 
concrete course (Figure 2). Since most of the original con-
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struction data were also not available, many of the material 
properties had to be estimated by using design texts and ref
erences (9-12). The average air temperature per season is as 
fo llows: summer 72.2° ; fall 54.4°F; winter, 34.8°F; and pring 
39.4°F. These temperatures are for the year in which tbe WIM 
data were collected. 

The truck fleet, as mentioned previously, was determined 
based on the FHWA classifications and legal limits (Table 1). 

Data Collection 

WIM has several advantages over the conventional static 
weighing operations. It offers a safe and efficient method for 
high-volume weighing of trucks (13). The WIM technique is 
also a more precise method to obtain data. Ordinarily, drivers 
would have to pull off into a weigh station to be statically 
weighed: Weigh stations are where weight violations are issued 
most often. Static weighing to obtain research data is con
ditional because most of the truckers are warned that the 
weigh ing is being conducted and opt to either pull off the 
highway and wait or choose an alternative route to avoid a 
possible violation. ln 1110 ·t cas , when dala are being taken 
using WIM , drivers do not even know they ar being weighed. 
Therefore , a more precise repre entative, and accurale group 
of data can be obtained. 

The WIM used for Maine is a semipermanent weight pad, 
produced by International Road Dynamics set into the pave
ment. It consists of two rectangular weighing platforms that 
rest on a common concrete foundation. They each measure 
5 ft, 4 in. by 1 ft, 9 in . by 9 in. deep (1.6 m by 530 mm by 
230 mm). Also, it is an associated electronic roadside moni
toring system. The platforms are positioned so that there is 
one in each of the two wheel paths. The loads that are applied 
to the platforms pr duce vertical displacement in an oil-filled 
piston located in the center of the rectangle. These pistons 
act as load cells. In conjunction with the pistons, inductive 
loops are used to acquire speed and presence data. The initial 
installation requires heavy equipment for placement; there-
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3.5 PLANT MIX BIT. BASE COURSE GRADING B ! +-----"--
4.0 AGGREGATE BASE COURSE CRUSHED 

+-----
9.0" AGGREGATE SUBBASE COURSE GRAVEL 

SELECTED GRANULAR MATERIAL (16.5") 

FIGURE 1 Cross-section of pavement structure for the 
Maine site. 
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ASPHALT CONCRETE CL.I TYPE 1-1 

ASPHALT CONCRETE CL. I TYPE 1-1 

BIT. MAC. PEN. COURSE MODIFIED CL.D TYPE D-1 

T CRUSHED STONE OR CRUSHED GRAVEL BASE COURSE 

12.0" GRAVEL FOUNDATION TYPE A 

FIGURE 2 Cross-section of pavement structure for the Rhode Island site. 

after, it needs only to be programmed and started for data 
collection. No further set-up or installation is needed. 

The WIM used for the data collection in Rhode Island is 
semipermanent. It is a pad that is adhered to the pavement 
and left for a period of time, usually 2 days, to collect data 
(14). The pad or weighmat, produced by The Golden River 
Corporation, uses two inductive loops to acquire speed and 
presence data. The weighmat is 6 ft wide by 20 in. long and 
is made of three sheets of steel separated by soft rubber. This 
set-up acts as a three-plate capacitor. Vertical displacement 
on the mat produces an increase in capacitance, which is 
interpreted as a weight via an attached microprocessor-based 
data collection system. The mat is adhered to the pavement 
with pop-rivets and bituminous adhesive tape on the edges. 
It is located in one wheel path of the traffic lane. Its instal
lation takes only 1 hour, hut calibration may be required at 
every installation. 

Data Preparation 

To utilize available design methods or models, the initial step 
was the classification of the truck fleet. It was agreed on by 
the NETC technical committee that the classifications would 
follow those recommended by the FHW A for uniformity. 
These configurations are shown in Figure 3. 

To work with the heavy trucks , they must be extracted from 
the original WIM data, which were given to the University 
of Rhode Island by the two states. Computer programs 
HETROM and HETROR were developed for this purpose 
in this study. HETRO stands for Heavy Truck Occurrence. 

The last characters, M and R, stand for Maine and Rhode 
Island, respectively. Each one takes its corresponding input 
data and processes them through comparisons based on the 
FHW A classifications to sort out the heavy axles . As brietly 
described above, two different computer programs were 
developed for the Maine and Rhode Island dittil sets, since 
the given format of the WIM data was slightly different. The 
programs vary through read statements to input the format 
of a truck occurrence from the data file, and the load unit of 
the axle weights-kips for Maine and pounds for Rhode Island. 
The programs first read the data and assign the occurrence 
to variable names. Each field in a data record has a variable 
name. The first comparison looks at the truck classification. 
Then the program sends the data record to the first weight 
comparison. This comparison depicts whether or not an axle 
is over the legal limit. The heavy axles are sent to an output 
file to represent the heavy trucks, and the legal axles are 
unrecorded. The programs generate output files in a form 
ready to be used by the empirical methods. The output format 
can be easily changed depending on its future use. 

Procedures To Assess Pavement Damage 

The study originally considered utilizing five design methods: 
theAASHTO Interim Design Guide (15); the AASHTO 1986 
Design Guide (16); the Five Consortium States Design Meth
ods (10,11); the Asphalt Institute's DAMA (17); and the 
Federal Highway Administration's VESYS 3A-M (18) . 
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FIGURE 3 Recommended FHWA truck classification and axle 
loads. 

A review of the five states' design methods for flexible 
pavements indicated that most states use the AASHTO Interim 
Guide method. The only states with variations to this method 
are Rhode Island and Massachusetts (10,11). Even though 
there is some uniqueness for these two states in comparison 
to the others, the end results would be very similar. Thus, no 
further consideration was given in developing a procedure for 
NETC states' current methods other than using the same 
procedure with the AASHTO Interim Guide. 

The Procedure Based on AASHTO Interim Design 
Guide 

One of the important concepts used in the AASHTO Road 
Test in the Equivalent 18-kip single-axle load (ESAL). The 
ESAL shows the damaging effects of an axle load of any type 
as expressed as an equivalent number of 18,000-lb single axles. 
The Guide offers tables to compute equivalency factors for 
two terminal present serviceability indices (PSI)-2.0 and 
2.5. These tables are used for single and tandem axles in the 
flexible pavement. Because no tridems are used at the road 
test, two-thirds of the factor for the tandem axles is used to 
.determine the ESAL factors for the tridem axles. 

The AASHTO Guide is a semiempirical method that was 
used in this study to assess pavement damage caused by heavy 
trucks. It does not, however, take into account the presence 
of uneven loads between axles or an increase in tire pressure. 
These issues could be considered better by a mechanistic 
approach. 

After the data are processed through HETROM or 
HETROR, sorting computer programs, the output is used in 
the next program based on the AASHTO Interim Design 
Guide. This computer program, HETRIG, is a modified ver
sion of the New Jersey program developed by Barros (19). 
HETRIG stands for the Heavy Truck Impact using the pro
cedure based on the Interim Guide. It was written by utilizing 
the AASHTO Interim Design Guide method to calculate the 
accumulated number of ESALs of the heavy axles. 

HETRIG computes the corresponding ESAL of each heavy 
axle according to the traffic equivalence factors provided in 
the Interim Design Guide charts. An ESAL for each over
weight axle is computed and summed for a total ESAL for 
the truck fleet. In addition to computing ESALs for the heavy 
trucks, the program also computes ESALs for a fleet of legal 
weight trucks hauling the same total weight as one of the 
heavy trucks. The program subtracts all the weight over the 
acceptable amount for each heavy axle and transfers it to the 
additional truck. It computes ESALs for the fleet of all legally 
loaded trucks and no heavy trucks. Consequently, a compar
ison can be made to see the difference in ESALs between the 
fleet with and without heavy axles hauling the same amount 
of freight. 

The computed ESALs are also available to be compared 
with the design ESALs of the highway where the data were 
collected. Pavements are designed to carry a certain number 
of loads within a specified amount of time. For instance, if a 
pavement had a value of 10 million ESALs for a 20-year design 
life, this would be equivalent to 500,000 ESALs per year. If 
heavy trucks operating on this pavement have an ESAL of 
200,000 annually, then 40 percent of the pavement's ser
viceability is consumed by this type of traffic yearly. 

Tables 2 and 3 indicate that there were 46,956 and 315,042 
heavy trucks on the travel lane annually (1988) at the Maine 
and Rhode Island sites, respectively. For the Maine site, the 
total occurrence of heavy trucks was originally 78,260 for the 
combined two lanes. Assuming that 60 percent of the trucks 
will use the travel lane, the total occurrence of 46,956 was 
estimated. Then, the total occurrences were converted by the 
program to cause 227,273 and 1,911,337 ESALs of pavement 
damage at the Maine and Rhode Island sites, respectively. 

Only the state of Maine provided the average daily design 
ESALs for the Yarmouth-Freeport site as being 1,017, which 
was converted to the average annual design ESALs of 371,205. 
For the Rhode Island site, the annual design ESALs were 
estimated by multiplying 371,205 by the ratio of heavy truck 
occurrences of two sites ( = 315,042/46,956), i.e., 2,490,527. 
Based on these design ESALs, the losses of pavement life 
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TABLE 2 ASSESSMENT RESULTS FOR THE MAINE SITE 
BY A PROCEDURE BASED ON THE AASHTO INTERIM 
GUIDE 

H~t\YY AXLES FOR 130Ttl LANES IN UIE Yl!AR OE 1Y88 

AXLE 
DTE 

TOTAL TOTAL EXCESS AVG EXCESS WEIGHT 
QCCUKRcNCE.S Wl'IGHT I.PS PER OCCURRENCE I.BS 

SINGLE AXLE 

TANDEM AXLE 

TRIDEM AXLE 

TOTAL 

120,848 

5,720 

1,560 

128,128 

204,282,00 I 

28,379,0<Xl 

18,428,800 

251,089,802 

TOTAL MODELED GROSS MODELED 
occu~ ~~ l!!·L\ll"EMI. 

HEAVY 
TRUCKS 46,956 3,596,367 227 ,273 

LEGALIZED 
TRUCKS 53,073 3,912,189 194,216 

DIFF-
ERENCE 6,117 315,822 -33,057 

1,690 

4,961 

11,813 

MODELED ESAL 
% QE P!lSKii'l 

61.2 

52.2 

-9.0 

were computed as 61.2 percent and 77.0 percent for the Maine 
and Rhode Island sites, respectively. The loss can be inter
preted as follows: that for 1 year the corresponding percentage 
of pavement life was consumed solely by heavy trucks. 

Because of the important benefits of transporting cargo by 
truck, a legal fleet was created so that heavy trucks were 
eliminated. A legal fleet is defined as trucks only at or under 
federal limits. It was achieved by adding more trucks to the 
original heavy truck fleet number. The additional trucks carry 
the excessive weight taken from the heavy trucks; therefore 
all trucks are transporting at or under the federal legal load 
limit. Tables 2 and 3 show that the additional 6,117 and 103,746 
trucks would be added to the fleets to carry the excessive 
weights in Maine and Rhode Island, respectively. Because 
each additional truck also introduces a tare weight, the pave
ment is required to carry an additional 315,822 and 3,299,409 
pounds over a 1-year period at the Maine and Rhode Island 
sites, respectively. But even with the additional tare weight 
load the consumed design ESAL percentage decreased to 52.2 
percent and 53.0 percent, respectively. This decrease occurred 
because each axle group was required to carry less weight; 
consequently, the total ESALs computed were lower. There
fore, the same amount of cargo can be transported and cause 
less damage to the pavement. 

Tables 2 and 3 also supply the various impact and traffic 
mix data for the Maine and Rhode Island sites. At the Maine 
site, the net loss in service life attributable to detected heavy 
trucks is 61.2 less 52.2, or approximately 9.0 percent, whereas 
at the Rhode Island site the net loss is 76.7 less 53.2, or 
approximately 23.5 percent. Whereas the Maine legal limits 
are the same as the federal limits or the benchmarks (Table 
1), the Rhode Island legal limits are higher than the federal 
limits, especially for the tandem axle. This could explain why 
there is a greater difference in total heavy ESALs and total 
legal ESALs for the Rhode Island site. At the Maine site the 
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TABLE 3 ASSESSMENT RESULTS FOR THE RHODE 
ISLAND SITE BY A PROCEDURE BASED ON THE 
AASHTO INTERIM DESIGN GUIDE 

HEAVY AXLES FOR ONE LANE IN IllE YEAR OF 1988 

AXLE 
I.X.eE 

TOTAL TOTAL EXCESS AVG EXCESS WEIGHT 
OCCURRENCES WEIGHT LBS fEB QCCURRENCf.1.11£ 

SINGLE AXLE 89,180 319,774,001 3,586 

TANDEM AXLE 362,726 2,738,161,792 7,549 

TRIDEM AXLE 12,740 269,496,500 21,154 

TOTAL ~ 3,327,432,293 

18-KIP EO\!!VALENr AX! E LOAD ANALYSIS. ANNUAL DATIJM 

TOTAL MODELED GROSS MODELED MODELED ESAL 
OCCURRENCES WEIGHT. KIPS 18-KIP ESAI.. ~ QF DESIGN 

HEAVY 315,042 31,485,010 1,91 1,337 76.7 
TRUCKS 

LEGALIZED 
TRUCKS 418,788 34,784,419 1,324,367 53.2 

DIFF-
ERENCE 103,746 3,299,409 -586,970 -23.5 

difference is almost negligible. Also of note is that 94 percent 
of the overweight trucks observed were single trucks. Con
sequently, it can be concluded that more damage will occur 
when the legal limits are higher. 

The Procedure Based on 1986 AASHTO Design 
Guide 

The 1986 AASHTO Design Guide is a culmination of the 
revisions made to the AASHTO Interim Guide. Most steps 
for the procedure based on the 1986 Design Guide are the 
same as the one based on the Interim Guide. The inputs 
needed for this procedure are again the heavy truck data and 
the design ESAL for the highway pavement. The Interim 
Guide program treats the tridem axles as 3/2 a tandem axle 
and computes them using the tandem method, whereas the 
1986 Guide computes them separately as tridems using the 
tridem conditions. 

Tables 4 and 5 show the results for the Maine and Rhode 
Island sites using the procedure based on the 1986 Guide 
method (HETRNG), respectively . These tables portray the 
actual number of heavy truck occurrences within a 1-year 
period and their total weight, ESALs, and percentage of design 
ESALs. 

The computed ESALs for heavy trucks are 228,053 and 
1,933,618 for Maine and Rhode Island, respectively. The con
sumed design ESALs were 61.2 percent and 80.6 percent, 
respectively. HETRNG also gives the legalized information 
for the same fleet. With an additional 6,117 and 103,746 trucks, 
the computed ESAL values were 195,401 and 1,313,268, and 
the consumed design ESAL percentages were 52.2 percent 
and 54.8 percent, respectively. Again it is observed that the 
same cargo can be transported legally causing less damage to 
the pavement. Again, the difference between heavy and legal 
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TABLE 4 ASSESSMENT RESULTS FOR THE MAINE SITE 
BY A PROCEDURE BASED ON THE 1986 AASHTO 
DESIGN GUIDE 

l:IEA VY AXLES FOR BOTH LANES IN THUEM OF 1988 

AXLE 
Il'.EE 

TOTAL TOTAL EXCESS AVG EXCESS WEIGHT 
OCCIJ RRllNCES WE!Giff LOS P!iR OCCURRENCE.LBS 

SINGLE AXLE 120,848 

TANDEM AXLE 5,720 

TRIDEM AXLE 1,560 

TOTAL 

204,282.001 

28,379,000 

18,428,800 

251 ,089,802 

TOTAL MODELED GROSS 
~ Yifl!Gl:II lrn'S 

HEAVY 
TRUCKS 46,956 3,596,367 

LEGALIZED 
TRUCKS 53,736 3,912, 189 

DIFF-
ERENCE 6,117 315,822 

1,690 

4,961 

11,813 

MODELED MODELED ESAL 
I S·KIP !;;,S1~L ~s 

228,053 61.4 

195,401 52.6 

-32,652 -8.8 

ESALs was far greater for Rhode Island than it was for Maine. 
Tables 2 through 5 relate the occurrence of each axle type 
and the excessive weight for each group and the fleet. The 
comparisons indicate that when the same amount of weight 
is hauled legally, i.e., within the load limits, less damage will 
be done to the highway pavement. Less damage is done even 
with the additional tare weight of the extra trucks required 
to haul the excess weight. For both states, the procedure based 
on the 1986 Design Guide provides a slightly higher ESAL 
value than the one based on the Interim Guide. 

The Procedure Based on Asphalt Jnstitute's DAMA 

The Asphalt Institute computer program, DAMA, was orig
inally developed to analyze a multilayered elastic pavement 
structure by a cumulative damage technique for a single or 
dual wheel load system (20,21). The program also can be used 
for design purposes by analyzing several proposed pavement 
structures . Most pavement structures made of asphalt con
crete, emulsified asphalt mixtures, untreated aggregate mate
rials, and subgrade soils can be analyzed with a maximum of 
five layers. 

Only the maximum strain at a given interface is used for 
the computation of the damage. The fatigue cracking of each 
stabilized layer and the subgrade deformation distresses are 
observed on a cumulative monthly basis. The design life and 
number of load repetitions to failure are summarized for fatigue 
cracking and deformation, in which the governing layer is also 
noted for the design situation. Environmental aspects are also 
considered in DAMA. 

The third procedure, or the first mechanistic procedure, 
utilized the Asphalt Institute's DAMA program to compute 
the amount of fatigue cracking and permanent deformation 

TABLE 5 ASSESSMENT RESULTS FOR THE RHODE 
ISLAND SITE BY A PROCEDURE BASED ON THE 1986 
AASHTO DESIGN GUIDE 

HEAVY AXLES FOR 0 

AXLE 
TYPE 

TOTAL TOTAL EXCESS AVG EXCESS WEIGHT 
OCCURRE)!!W WllJGllI LBS... ~R OCCU RRENCB.l. BS 

SINGLE AXLE 89,180 

TANDEM AXLE 362,726 

TRIDEM AXLE 12,740 

TOTAL 

319,774,001 

2,738, 161,792 

269.496,500 

TOTAL MODELED GROSS 
iliX;!!B BSISCJ;S 

HEAVY 
TRUCKS 315,042 31,485,010 

LEGALIZED 
TRUCKS 4 18,788 34,784,419 

D!F-
!'ER ENCE 103,746 3,299,409 

1,933,618 

1,3 13,268 

-620,351 

3,586 

7,549 

2 1,154 

MODELED ESAL 

77.6 

52.7 

-24.9 
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caused by the heavy trucks. Tables 6 and 7 show the summary 
of damage computed, the pavement design life, and the gov
erning layer of the design for the Maine and the Rhode Island 
sites , respectively. The outputs show the damage or reduction 
in design life because of heavy trucks . It relates the damage 
or life reduction in terms of fatigue cracking and deformation 
(rutting). The layer with more damage cracking governs the 
design. Because this program does not allow analysis of a 
pavement structure with two aggregate layers, the structures 
had to be modified. For both states the two aggregate layers 
were combined to be analyzed as one base layer. The subbase 
was converted into the base by lessening the thickness by a 
ratio of the layer coefficients, i.e., 0.1(12.0)/0.14 = 8.5 or 
approximately 9.0 in. Therefore , the subbase layer for Rhode 
Island was converted into an additional 9 in. of base. 

The Procedure Based on FHWA 's VESYS 3A-M 

The computer program VESYS was originally developed by 
FHW A in cooperation with the Massachusetts Institute of 
Technology (MIT). The original mechanistic model, VESYS 
II-M was based on an application of the viscoelastic theory 
to the design of pavements. From research findings, the model 
has been improved continuously, allowing various versions to 
be made available. This study used VESYS 3A-M, which is 
the latest version and is based on the elasto-plasticity theory. 
This model can be used on a wide range of paving materials, 
axle loads , and environmental conditions. The model predicts 
the performance of the pavement in terms of PSI as derived 
from the AASHTO Road Test. The program expresses PSI 
in the form of cracking, rutting, and roughness variables . 
To produce these variables, it uses information about the 
material properties, geometry of the pavement, traffic , and 
environment. 
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TABLE 6 ASSESSMENT RESULTS FOR THE MAINE 
SITE BY A PROCEDURE BASED ON THE ASPHALT 
INSTITUTE'S DAMA 

ESAL DETERMINED BY ESAL DETERMINED BY 

THE INTERIM GUIDE Tlll' 1986 GUIDE 

HEAVY LEGALIZED HEAVY LEGALIZED 

TRUCKS TRUCKS TRUCKS TRUCKS 

DAMAGE: 

FATIGUE .l358E-00 .1161E+OO .1363E+OO .1156E+OO 

DEFORMATION .4.633E-02 .3959E-02 .4649E-02 .3942E-02 

DESIGN LIFE: 

FATIGUE 7.4 YRS 8.6 YRS 7.3 YRS 8.7 YRS 

DEFORMATION 216 YRS 253 YRS 215 YRS 254 YRS 

The procedure utilizing the VESYS 3A-M program pro
vides a more sophisticated and precise way to determine the 
damage caused to the pavement by heavy vehicles. 

Tables 8 and 9 show the summary of the resulting damage 
and pavement life for the Maine site and Tables 10 and 11, 
for the Rhode Island site. Only the ESALs determined by 
HETRNG are used because the 1986 AASHTO Design Guide 
is the most current. 

Tables 8 through 11 portray the following observations on 
the damage and pavement life. The values of cracking, rutting, 
roughness, and PSI are recorded for each of the specified 
periods of analysis. The values except for PSI appear to increase 
with an increase in time. This increase is to be expected because 
an increase in load repetitions causes an increase in damage, 
which decreases the PSI, which is also expected. 

The tables also show values of pavement service life. The 
value is the time in years at which the pavement reaches its 
terminal serviceability index. The value of 2.5 is used because 
it is the value recommended by AASHTO for interstate high
ways. Tables 8 and 9 show that, for the Maine site, heavy 
trucks caused a shorter service life than legalized ones. Tables 
10 and 11 indicate that, for the Rhode Island site, heavy trucks 
caused greater damage than legalized trucks. These values 

TABLE 8 RESULTS OF VESYS ANALYSIS USING 
ESAL OF HEAVY TRUCKS BASED ON THE 1986 
GUIDE CONVERSION FACTOR FOR THE MAINE 
SITE 

ANALYSIS DAMAGE RUTTING ROUGHNESS PSI 
TIME INDEX DEPTH 

LO YRS .24599E+oo ,17097E+OO .82936E+OO 4.38 

5.0 YRS ,60222E+Ol .36272E+OO .37358E+OI 3.22 

10.0 YRS 23844E+02 .50142E+OO .71463E+OI 2.60 

20.0 YRS . l 3641 E+03 .75591E+OO .16273E+02 1.51 

NOTE: THE PREDICTED SERVICE LIFE JS .!.Lli.2 
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TABLE 7 ASSESSMENT RESULTS FOR THE RHODE 
ISLAND SITE BY A PROCEDURE BASED ON THE 
ASPHALT INSTITUTE'S DAMA 

DAMAGE: 

ESAL DETERMINED BY 

nm !N'ffiRIM GUIDE 

HEAVY LEGALIZED 

TRUCKS TRUCKS 

ESAL DETERMINED BY 

THE 1986 GUIDE 

HEAVY LEGALIZED 

TRUCKS TRUCKS 

FATIGUE .2680E+OO .1857E+OO .271 IE+oo . 1841E+OO 

DEFORMATION .5429E-Ol .3762E-01 ,5493E-01 3731 E-01 

DESIGN LIFE: 

FATIGUE 3.7 YRS 5.3 YRS 3.6 YRS 5.3 YRS 

DEFORMATION 18.4 YRS 26.6 YRS 18.2 YRS 26.8 YRS 

were expected because the ESAL values for legalized trucks 
are lower than those for the heavy ones. The most important 
observation was that the heavy trucks consistently provided 
shorter life than the legalized trucks in both cases. 

CONCLUSIONS AND RECOMMENDATIONS 

The conclusion and recommendations based on the findings 
of this investigation are summarized below. 

Conclusions 

1. It wa5 necessary to develop two computer programs, 
HETROM and HETROR, to extract heavy truck occurrences 
from the WIM data for the Maine and Rhode Island sites, 
respectively. 

2. Through either the computer program HETRIG or 
HETRNG the equivalent 18-kip single axle loads (ESALs) 
for the heavy trucks were computed as an initial step for each 
procedure developed. 

3. Four procedures including the above computer programs 

TABLE 9 RESULTS OF VESYS ANALYSIS USING 
ESAL OF LEGALIZED TRUCKS BASED ON THE 1986 
GUIDE CONVERSION FACTOR FOR THE MAINE 
SITE 

ANALYSIS DAMAGE RUTTING ROUGHNESS PSI 
TIME INDEX DEPTH 

1.0 YRS .20866E+OO .16447E+OO .76752E+OO 4.42 

5.0 YRS .51077E+Ol .34892E+OO .34571E+Ol 3.29 

10.0 YRS .20225E+02 .48236£+00 .66135E+Ol 2.68 

20.0 YRS .l 1571E+03 .72718E+OO .15060E+02 1.63 

NOTE: THE PREDICTED SERVICE LIFE IS llJ..1 
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TABLE 10 RESULTS OF VESYS ANALYSIS USING 
ESAL OF HEAVY TRUCKS BASED ON THE 1986 
GUIDE CONVERSION FACTOR FOR THE RHODE 
ISLAND SITE 

ANALYSIS DAMAGE RUTTING ROUGHNESS, PSI 
TIME INDEX DEPTH 

1.0 YRS .26417E+-01 .27005E+OO .17169E+Ol 3.78 

5.0 YRS .64668E+-02 .57561E+OO .78058E+-01 2.43 

10.0 YRS .25606E+03 .79742E+OO . l4995E+02 1.50 

20.0 YRS . I 4649E+-04 .12054E+-OI .34329E+02 -0.33 

NOTE: THE PREDICTED SERVICEABILITY LIFE IS W 

were developed to assess pavement damages caused by heavy 
trucks using the following four available pavement design 
methods or models: 

• AASHTO Interim Guide, 
• AASHTO 1986 Guide, 
• Asphalt Institute's DAMA, and 
• FHW A's VESYS 3A-M. 

The ratios of expected lives for legalized trucks to heavy 
trucks are summarized below. 

Interim 1986 VE SYS 
Site Guide Guide DAMA 3A-M 

Maine .85 .85 .83 .91 
R.I. .69 .68 .69 .72 

4. Only traffic variables were considered for the analysis 
by using procedures based on AASHTO's Guides. There was 
no significant difference in pavement damage caused by heavy 
trucks when procedures based on AASHTO Interim and 1986 
Design Guides were compared. 

5. For (specified) distress analysis, procedures based on 
mechanistic models (e.g., DAMA and VESYS 3A-M) could 
be utilized for damage assessment. Because of the lack of 
availability of input data except traffic, only demonstration 
analyses were performed with a reasonably estimated input 
data set. 

6. There were consistent observations, in all cases, that 
heavy trucks caused more damage than benchmark trucks. 

7. Finally, more damage from heavy trucks was predicted 
when there were higher legal weight limits. 

Recommendations 

1. Although most NETC states are still using the AASHTO 
Interim Guide primarily for the pavement design, it is highly 
desirable to use the procedure based on the 1986 AASHTO 
Design Guide to assess pavement damage caused by heavy 
trucks. 

2. Because of limitations of DAMA (e.g., only one untreated 
base layer), the procedure based on VESYS 3A-M appears 
to be more appropriate for the mechanistic analysis. 

3. Procedures based on DAMA and VESYS 3A-M require 
mechanical properties of pavement materials, such as resilient 

TABLE 11 RESULTS OF VESYS ANALYSIS USING 
ESAL OF LEGALIZED TRUCKS BASED ON THE 1986 
GUIDE CONVERSION FACTOR FOR THE RHODE 
ISLAND SITE 

ANALYSIS DAMAGE RUTTING ROUGHNESS PSI 
TIME INDEX DEPTH 

1.0 YRS .17940E+OI .24640E+OO .14292E+Ol 3,90 

5.0 YRS .4391 ?E+-02 .52518E+OO .64980E+Ol 2.64 

10.0 YRS .17390E+-03 .72755E+OO .12483E+02 1.79 

20.0 YRS .99485E+-04 .10998E+OI .28577E+02 0.16 

NOTE: THE PREDICTED SERVICE LIFE !S Q.la 
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modulus of subgrade soils and fatigue and creep properties 
of asphaltic materials. Furthermore, VESYS analysis calls for 
preparing specimens using a California Kneading compactor. 
For a more accurate analysis, the above properties and equip
ment should be available in New England. 

4. It is recommended that mechanistic methods (e.g., VESYS 
3A-M) be used to assess effects caused by the configurations, 
tire pressure, nonstandard vehicles, and variables other than 
traffic. 

5. Because of the Jack of construction records or necessary 
data for this study (e.g., design ESAL for the Rhode Island 
site), the absolute values of results need to be validated for 
the interpretation. It is recommended that all NETC states 
look into establishing a good, possibly computerized, data 
base as a subset for the pavement management system for 
future activities. 
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Effect of Fracture Healing on Laboratory
to-Field Shift Factor 

ADLI AL-BALBISSI AND DALLAS N. LITTLE 

Laboratory fatigue testing of asphalt co~crete can be used t.o 
predict field performance. The introduction of a shift factor 1s 
necessary to account for the effects of res!dual stresses and healin.g 
that occur in the field but do not occur m the laboratory. In this 
study the healing mechanism in asphalt concrete is investigated. 
A theoretical hypothesis for the shift factor and a new approach 
to characterizing the toughness of paving mi~tures ba~ed on the 
I-integral concept are also introduced. Th~ shift factor 1s assumed 
to consist of the combined effect of a stram recovery component 
and crack recovery component. The two components can be 
determined from simple laboratory tests , including stress relax
ation, beam fatigue, and the overlay tests . The fracture mechanics 
approach , the J*, is based on the path-independent J mtegral , 
which can be defined as the energy released per umt area of crack 
extension. The J* parameter is adopted to characterize material 
toughness. 

Loss of structural or functional pavement serviceability because 
of load-related fatigue cracking has long been a major topic 
of concern to highway engineers. Such failures often occur 
because of improper prediction of pavement fatigue life or 
premature failure from crack propagation. It is important, 
therefore, to understand the mode of fracture initiation and 
propagation for careful design of highway or airport pav~
ments. Such understanding may lead to a procedure for esti
mating a shift factor between laboratory and field results that 
will consider the actual mechanics of fracture. Although such 
a factor may seem to be of little use to someone dealing with 
everyday pavement problems, it is of great significance for a 
more accurate prediction of pavement life and can be of great 
practical value. . 

The primary goal of this study is to introduce a practical 
approach to estimating the shift factor and to investigating 
and evaluating the effect of rest periods on healing fatigue
caused fractures in asphalt-treated mixtures. It is believed that 
the effect of healing and residual stresses that occur in the 
field but not in the laboratory are the major factors that will 
contribute to more accurate prediction of fatigue perfor
mance. In fact, prediction of field performance based on lab
oratory testing will normally result in miscomputation of the 
pavement life by a range of 300 to 2,000 percent. Identification 
of the healing mechanism and quantification of the effects of 
selected variables will, no doubt, lead to a much improved 
ability to predict pavement life . It will provide the basis for 
procedures to increase the life of asphalt structures by max
imizing the healing process. 

A. H. Al-Balbissi, Civil Engineering Department, Jordan University 
of Science and Technology, Irbid, Jordan. D. N. Little, Texas A&M 
University, College Station, Tex. 77843. 

Evidence for the existence of a healing mechanism has been 
provided by several laboratory studies, in addition to that 
produced by the AASHTO Road Test. The most detailed 
study has been reported by Routhly and Sterling (1,2), with 
additional evidence being provided by McElvaney and Pell 
(3), Borgin and Fourier (4), and Van Dijik (5). These studies 
have attempted to quantify the effect of rest periods and have 
expressed the result as a ratio of the number of cycles to 
failure with rest to the number of cycles to failure without 
rest. The studies mentioned above all indicate that the ratio 
is greater than one, that is, life measured during cyclic loading 
that includes rest periods is greater than life under continuous 
cyclic loading. These studies support the view that asphaltic 
materials have the capacity to recover from the effects of 
stress- that is, there is a healing mechanism. Previous studies 
have also mentioned that the healing process is affected by 
the rate of loading, stress level, duration of rest periods, and 
the method used to apply the loads. 

METHODOLOGY 

Although there is not much literature about healing studies 
for asphalt cement and asphalt concrete, there is literature 
about evaluating the healing of polymers. The experimental 
concept for the evaluation of healing has generally been to 
select a convenient dimensionless recovery ratio, such as the 
ratio of fracture stress for the virgin material to fracture stress 
of the healed material. In many relevant studies the healing 
process was described as taking place in several stages (6, 7). 
Woo and O'Conner (6) and Jud et al. (7) were able to develop 
relations for strength, elongation to break, impact energy, 
and fracture parameters as a function of time, molecular weight , 
temperature, pressure, and processing conditions. Many of 
their theoretical predictions were supported by experimental 
data. These studies provided excellent indications that 
mechanical means (through the laws of fracture mechanics) 
can be used to determine the strength change caused by heal
ing. In this study the energy concept is selected as the indicator 
for material healing. This criterion is adopted because of its 
engineering significance and its relative ease of measurement. 

In addition, the increase in dissipated energy resulting from 
rest time is adopted to outline a model for the estimation of 
a shift factor between laboratory and field results. 

The testing procedure used in this study employed the over
lay tester, which was developed at Texas A&M University, 
College Station. The overlay tester is a fatigue testing machine 
designed to model displacements caused by thermal stresses 
in asphalt pavements resulting from cyclic changes in the 
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FIGURE 1 Overlay testing device. 

ambient temperature . A servohydraulic mechanism controls 
the rate of loading as well as the crack opening displacement 
and allows a controlled strain condition to be maintained 
throughout the test . 

Beam samples 3 in. by 3 in. by 15 in. are prepared and 
then cured in an environmentally controlled room (77°F, 25 
percent relative humidity) for a minimum of 3 days . Each 
sample is glued to a pair of aluminum base plates in an 
arrangement that simulates the construction of an overlay 
over a cracked or jointed pavement. Figure 1 shows an illus
tration of the testing device. Figure 2 shows an illustration of 
specimen mounting. The overlay tester is calibrated to ensure 
the desired maximum displacement of 0.04 in. or 0.02 in. A 
movement of 0.04 in. is approximately equivalent to the dis
placement experienced by a Portland cement concrete pave
ment with 15-ft joint or crack spacings as it undergoes a 60°F 
change in pavement temperature. The actual testing proce
dure consists of subjecting the overlay samples to an oscil
lating movement of opening and closing the butt joint of the 
two base plates. This type of movement causes a crack to 
form from the bottom of the sample upward through the 
sample . "Failure" is defined as the condition in which a con
tinuous reflection crack is visible up both sides of the sample 
and across the entire width of the top of the sample, as observed 
when the overlay tester is in the "open" position. Under this 
condition, the load required to open the gap between the 
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FIGURE 2 Specimen mounted on plates. 

sample base plates is caused by the frictional forces that must 
be overcome to separate the two sample parts. 

A loading rate of one cycle per 10 seconds was used 
throughout the test program. The cyclic motion was main
tained except during the rest periods , during which the sam
ples were left in the "closed" position. The load and displace
ment values were monitored and recorded only during selected 
cycles of each test. An X-Y recorder was used to plot the 
applied load versus displacement relationship during the selected 
cycles. Figure 3 shows an illustration of the X-Y plotter. Fig
ure 4 illustrates the general shapes of typical load versus dis
placement graphs at various stages during the test. 

ANALYTICAL APPROACH 

To precisely evaluate the energy associated with fracture fatigue 
or, more generally, crack propagation, one must select a the
oretically sound analytical approach. The science of fracture 
mechanics offers such an approach. Of course, asphalt cement 
and, in turn, asphalt concrete is not a linear-elastic material. 
Consequently, linear-elastic fracture mechanics is not valid. 
It is safe to assume that the behavior at the crack tip is non
linear with a relatively large plastic zone preceding the crack 
tip . Possible methods of analysis include the crack tip opening 
displacement method (CTOD), R-curve analysis, or the ]
integral method. 

Under conditions of plane strain in which the crack tip 
plastic zone is small , linear elastic analysis is appropriate. For 
materials and conditions under which the plastic zone becomes 
larger, it is important that the effective crack length be used 
to calculate an effective stress intensity factor. However, because 
the plastic zone itself is a function of the stress intensity factor, 
an iterative process is necessary to calculate an effective stress 
intensity factor; as the size of the plastic zone adjustment 
becomes larger, relative to the crack size, the computation 
becomes less accurate. Under such conditions a method that 
permits extension of linear-elastic fracture mechanics into the 
elastic-plastic region must be used. The I-integral is best suited 
for the analysis of test data in this study. A major advantage 
of the I-integral method is that it does not require a stringent 
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FIGURE 3 X-Y plotter. 
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constraint to the development of a large plastic zone; thus, 
elastic behavior can be assumed. Conversely, the develop
ment of a large plastic zone in laboratory specimens is expected. 
The usefulness of the I-integral analysis is that one can infer 
information about the behavior of the elastic pavement based 
on laboratory specimens that may have experienced elastic 
deformation. The rationale is that the amount of energy released 
by a specific material per unit area of crack extension will be 
the same regardless of the size of the specimen. The I-integral 
procedure provides a way to calculate this energy release rate 
for an elastic material from small specimens that may have 
some plastic deformation . 

The path-independent I-integral proposed by Rice (8) is a 
method of characterizing the stress-strain field at the tip of a 
crack by an integration path taken sufficiently far from the 
crack tip to be substituted for a path close to the crack tip 
region. Thus, even though considerable yielding occurs in the 
vicinity of the crack tip, if the region away from the crack tip 
can be analyzed, behavior of the crack-tip region can be inferred. 

specimen size to ensure an acceptable small plastic zone size. 
The method allows the determination of energy release rate 
(11) using a small specimen. Although pavement materials can 
be assumed to behave elastically in fracture because of their 
large size, size limitations of laboratory specimens prevent 
similar behavior. The large size of pavement constitutes a 

The I-integral is defined as the energy released per unit 
area of crack extension. It may be interpreted as the potential 
energy difference between two identically loaded bodies hav
ing neighboring crack size, or 

J = - (l/B) (dv/da) (1) 

.,, 
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FIGURE 4 Typical recordings of load versus displacement at various stages 
during an overlay test. 
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where 

V = potential energy, 
B = thickness, and 
a = crack depth. 

This definition is shown schematically in Figure 5. A more 
detailed discussion of the !-integral is provided elsewhere (8). 

Path independence of the !-integral has been shown thus 
far by using only the deformation theory of plasticity, which 
does not allow for unloading. Therefore, the !-integral frac
ture criteria must presently be restricted to conditions under 
which unloading does not occur. In the overlay test, cyclic 
loading and unloading of the specimen occur, which suggests 
that the !-integral cannot be used, because the basic definition 
of the !-integral is the energy released per unit area of crack 
extension. The difference then in the released energy between 
the case with unloading and the case without unloading is 
manifested in the area under the load-displacement curve, 
i.e., when unloading is considered, the V* includes all the 
area enclosed by the load-displacement loop, as illustrated in 
Figure 4. Therefore, the parameter 

J* = (l/B) (dv*/da) (2) 

where V* is the energy released, including the unloading area, 
was adopted for analysis. The total area (V*) reflects the 
energy released by the material and includes the effect of 
unloading. Therefore, the J* parameter is deemed to be 
appropriate to characterize material toughness (the name J* 
was adopted because it is analogous to the !-integral definition). 

p 

-1 d1 I---

p 

FIGURE 5 Interpretation of ]-integral. 
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STUDY OF EFFECT OF REST PERIODS ON 
HEALING 

The fatigue characteristics of pavement mixes are determined 
in continuous loading tests. These conditions do not resemble 
actual loading conditions in the field. Under traffic, the pave
ment is loaded discontinuously because the passage is inter
rupted by rest periods. 

Preliminary tests of this study indicated that a single rest 
period had no significant effect on pavement life or fracture 
characteristics. To obtain a more complete insight into the 
effect of rest periods on the fatigue life, more tests were 
performed. A summary of these tests is given in Table 1. 

The results of various duration of rest indicate that very 
long rest periods did not induce significantly greater strain 
recovery than did shorter rest periods. Several durations were 
attempted on the same specimen. Test results show that the 
recovery rate decreased as the test progressed. Generally, test 
results showed that within a rest period of between 15 and 
40 minutes, a considerable proportion of the recovery can be 
achieved, and longer rest periods of 1 or 2 days do not sub
stantially increase recovery. However, a 40-minute period was 
not much better (in terms of added energy) to a 15-minute 
rest period. In addition, a gap of 40 minutes between traffic 
vehicles in a real application occurs only on highways with 
very low traffic volume. Fatigue is more a problem in high
ways with moderate to heavy traffic. Therefore, for these 
practical purposes, a rest period of 15 minutes was imple
mented in the remainder of the tests. 

Tests with a variable number of rest periods showed a very 
high correlation between the number of rest periods and fatigue 
life. The results showed an increase in fatigue life of the 
specimen by a factor of 2 to 5 when rest periods were intro
duced. These results were consistent at the two displacement 
magnitudes examined. 

SHIFT FACTOR HYPOTHESIS 

The shift factors used to transform the laboratory phenom
enological fatigue model into a field "equivalent" have, in 
the past, been determined empirically. Perhaps the best known 
version was developed by Finn et al. (9) from AASHTO Road 
Test data. 

Yandell and Lytton (10,11) conducted a detailed study of 
the residual stresses in a pavement. They indicated that, because 
of residual compressive strain, the tensile strain resulting from 
a wheel load application is equivalent to 80 percent of the 
strain that resulted from the preceding wheel load application. 
Furthermore, the authors presented some enlightening 
hypotheses on how the fatigue shift factor is affected by rest 
periods and residual stresses. The authors examined these 
hypotheses through the study of the effect of rest periods on 
the fatigue life of plasticized sulfur binders used in asphalt
like mixtures. These studies have substantiated their hypotheses. 

During a rest period, two recovery processes may take place. 
In one process the material relaxes and loses some of its 
residual strain. In the other process the material is given time 
to heal from its distressed state, during which the size of the 
plastic zone ahead of a formed crack is reduced. During this 
time a portion of the crack can be closed because of the 



Al-Balbissi and Little 177 

TABLE 1 SUMMARY OF OVERLAY TESTS 

Di splacement 

magnitude (inl 
Witb rest periods Without rest periods 

No . of Specimens 

0.02 

0.04 

4 

4 

4 

4 

Rest period duration (hr . l 

l i 24 

No, of e.pecimena 

0.02 

0.04 

2 1 l 

1 2 l 

t!ll!lll2~[ llt 

l-1!! ll-2Q ~1-~Q 

t!lllll.!M 

0.04 2 2 

compression resulting from bond forces between the particles 
of the material after the removal of the applied load. These 
two effects will result in increasing the expected fatigue life 
of a specimen. 

Considering the fact that a field loading pattern is similar 
to laboratory loading with rest periods, an analytical approach 
can be postulated to estimate a shift factor between laboratory 
and field results. In this approach the shift factor is assumed 
to consist of two components as follows: 

(3) 

where 

SF, = the shift caused by residual stresses, and 
SFh = the shift caused by crack healing and plastic zone 

reduction. 

The behavior of the material during the residual strain com
ponent (SF,) is very much analogous to relaxation character
istics and strain recovery characteristics . This behavior per
mits the assumption of similar decay and recovery patterns. 
The stress relaxation relationship can be presented in the form 

E(t)IE0 = 1-n 

where 

E(t) 
Eo 
n= 

the elastic modulus at time t, 
the initial elastic modulus, and 
the slope of the relaxation curve. 

(4) 

The ratio of the strain at a given time to the initial strain 
[ P(t)/(P0 )] can be fitted to a relationship of the following form : 

P(t) = 1 - (1 - P0)t-n (5) 

To reflect this characteristic pattern on the expected fatigue 
life, the following relationship is assumed: 

2 
2~ 

uu PU ill~~ 

;u-~Q u-~q ~H-f!Q till· [&it 
81;!~~im~J;UI 

2 2 2 2 

SF, = { 11[ 1 - (1 - Po)t-"Jr (6) 

where k2 is the slope of the beam fatigue laboratory rela
tionship between the number of cycles to failure (N1) and 
initial strain. 

The shift factor component related to crack healing is esti
mated on the basis of rest period analysis . These analyses 
revealed a relationship between added energy and the loga
rithm of rest duration of the form 

du = eh log I 

where 

du = the added energy, 
t = time, and 

h = constant. 

(7) 

The analysis also revealed a direct relationship between the 
amount of added energy and the increment in specimen life 
of the form 

d n1 = a + m (du) (8) 

Combining the last two equations gives 

d n1 = a + m (eh log ') (9) 

Using the above equation with coefficients developed 
experimentally, dn1, and consequently n1, were computed for 
various time periods. Furthermore, a relationship between 
cycles to failure and number of rest periods was developed 
(Figure 6) from the analysis of rest periods. Using this rela
tionship, the corresponding number of rest periods (n,) for 
the computed N1 was determined. The variable (n/n0 - 1)/ 
n,, where n0 is the fatigue life without rest, was then computed 
for the various time periods . A relationship of the following 
form was then fitted to the computed variables: 
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FIGURE 6 Relationships between (a) number of cycles to failure and number of rest periods 
and (b) sum of added energy and number of rest periods. 

(N/No - l)!n, = 5.685 x 10-3 e 1.9s6(1og rJ (10) 

which can be reduced to 

(N/N0 ) = 1 + 5.685 x 10-3 e i. 9s6(1og 1J (11) 

Combining the two shift factor proportions yields 

SF = { 1/ [ 1 - (1 - Po) t-n Jr 
X [ 1 + 5.685 x 10-3 el .956(1og 'ln,] (12) 

Using a K 2 = 2.998 (a typical slope coefficient developed 
for plasticized sulfur binders in beam fatigue tests) and typical 
slope values of stress relaxation curves (n) for the same mate
rials, with various numbers of rest periods (n,), several com
binations of SF, and SFh were computed and are presented 
in chart form in Figure 7. The chart can be used to select the 
two components of the shift factor that correspond to a certain 
rest time. The total shift factor will be the product of the two 
components. Asphalt cement (AC-10) is expected to have a 
higher shift factor because it showed better healing charac
teristics. Test results indicate a K 2 value of 3.726 for asphalt 
cement (AC-10). This will result in higher values for SF, and, 
consequently, a higher overall shift factor. 
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FIGURE 7 Shift factor chart. 
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TABLE 2 LABORATORY-TO-FIELD SHIFT FACTORS USED FOR 
ASPHALT CONCRETE AND SULPHLEX 

N1ab T 36°F 

10 2 18 . 8 

10 3 10.5 

10 4 5.8 

10 5 3.2 

10 6 1. 8 

10 7 1. 0 

10 8 0.56 

All parameters on the righthand side of the shift factor 
relationship can easily be determined from laboratory tests . 
Coefficients of the crack healing portion can be determined 
from overlay tests with rest periods. The n parameter can be 
determined from a relaxation test and the K2-parameter can 
be determined from a simple beam fatigue test. This rela
tionship presents a simple, practical, and convenient means 
to estimate a shift factor between laboratory and field results. 

ANALYSIS OF TEMPERATURE EFFECT 

To illustrate the effect of temperature on the shift factor and 
to demonstrate the field conditions for comparative analysis 
it was necessary to represent field conditions. The shift factors 
suggested by Pickett et al. (12) (Table 2) were selected for 
both asphalt concrete and Sulphlex for the following reasons: 

Shift Factors 

T 68" F T = 110 ° F 

12.9 7.9 

7.7 5 . 3 

4.6 3.5 

2.8 2.5 

1. 7 1. 5 

1. 0 1. 0 

0.60 0.66 

1. Utilization of identical shift factors for asphalt and Sul
phlex is considered an acceptable approach until field veri
fication indicates that different factors should be used, 

2. The rest period analysis points out a similar healing 
response for Sulphlex CR5 and AC-10 specimens, and 

3. Shifting AC-10 laboratory beam fatigue data by means 
of the Pickett factors yields a realistic failure criterion, which 
is comparable to that of Finn et al. (13) (Figure 8). 

The time-temperature shift factors (ar) for Sulphlex and 
asphalt mixtures with various aggregates and gradations were 
then compared and are shown in Figures 9 through 11. The 
following are apparent from these figures : 

1. Shift factors for asphalt concrete and Sulphlex for each 
mixture evaluated were similar. In fact, the effect of binder 
on ar was not statistically significant. 
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FIGURE 8 Illustration of laboratory-to-field shifts. 
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FIGURE 11 Time-temperature shift factor for mixture with river 
gravel aggregate. 

2. Ranges of shift factors between 100°F and 40°F are typ
ical of those found in the literature for asphalt concrete (12) 
and sulfur extended asphalt mixtures. 

3. The effect on the shift factor of aggregate type was as 
great as that of binder type. 

Although for practical engineering purposes both Sulphlex 
and asphalt concrete can be considered linearly viscoelastic, 
the application of a horizontal shift factor along the log time 
abscissa to produce a master curve is subjective. The value 
becomes even more subjective when the shift factor is described 
in terms of beta. The term beta is defined as the ratio of the 
change in log 10 aT over a change in temperature or a tem
perature interval. 

Beta = Delta(log10 aT)/Delta T (13) 

This value assumes a linear relationship between log10 aT and 
temperature. As can be seen from Figures 9 through 11, this 
relationship is not the case. The values of beta are presented 
in Table 3. 

CONCLUSIONS 

In this study a new approach to characterizing the fracture 
behavior of paving mixtures has been introduced. A modified 

form of the !-integral was implemented. The modified form 
is based on the total area under the load displacement curve 
that includes the unloading portion instead of just the loading 
area in the conventional !-integral approach. A major advan
tage to this approach is the ability to extend the analysis into 
the elastic-plastic region, thus eliminating the requirements 
for a stringent specimen size to ensure plane strain conditions. 

The analysis of rest periods indicated a direct relationship 
between the number of rest periods and fatigue life. The 
analysis showed that an increase in fatigue life results from 
an increase in the number of rest periods. Additionally, the 
rate of incremental benefit from rest periods diminishes as 
the duration of the rest period increases (Figure 12). The rate 
of added energy decreases substantially for rest periods longer 
than 30 minutes. The recovery trend as a function of time can 
be described by an exponential function. Material recovery 
patterns as a function of crack length resemble energy release 
patterns. 

The theoretical basis for a shift factor is presented based 
on Lytton's hypothesis . The shift factor is assumed to consist 
of the combined effect of a strain recovery component and 
crack recovery component. The two components can be deter
mined from simple laboratory tests consisting of stress relax
ation, beam fatigue, and overlay tests. Limited rest period 
testing on AC-10 specimens and CRS specimens at room tem
perature reveal that although the fracture propagation life 
(N1) is superior for AC-10 specimens compared with that for 
CRS specimens, healing properties at 73°F are similar. 



TABLE 3 SUMMARY OF BETA VALUES 

Binder Aggregate Air Voids 

Content,\ BETA 

AC-10 CLS 6-8 0.080 

3-5 0.070 

3-5 0.090 

RG 2-3 0.095 

Basalt 3-5 0.089 

CR5 CLS 3-5 0.075 

Basalt 6-8 0.070 

RG 2-3 0.080 
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FIGURE 12 Effects of duration of rest period on energy required for 
crack propagation (specimens were CRS and crushed limestone). 
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Probabilistic Modeling of 
Flexible Pavements 

PHILIPPE L. BOURDEAU 

A number of uncertainties and random factors play a role in the 
deterioration process of pavements under the effect of traffic. A 
probabilistic approach can make allowance for the stochastic nature 
of this process and provide a better rationale for the design meth
ods. An extension in this direction of the empirical design method 
derived from the AASHO road tests for flexible pavements with 
unbounded granular layers is presented. The probabilistic devel
opment addresses two aspects of the problem. First, the reliability 
assessment of a pavement section is obtained by considering the 
Shook and Finn design equation as a function of two random 
variables-the expected number of traffic loads and the Califor
nia bearing ratio (CBR) of the subgrade soil. The formulation is 
a second-order, second-moment development of this equation. 
It requires knowledge of only the means and standard deviations 
of the random variables. This model compares favorably with a 
statistical analysis of the AASHO test results. A sensitivity anal
ysis indicates that the CBR variability has a dramatic influence 
on the pavement reliability. The uncertainty on the expected 
traffic loads has little effect on the reliability for a large number 
of axle loads. Hence, the mean value of the expected traffic load 
is a sufficient estimate of this parameter. Second, an analytical 
model is formulated for the coefficients of equivalence of the 
(unbounded) granular materials of the base and subbase courses, 
using the theory of stochastic stress propagation in particulate 
media. It is shown that these coefficients are representative of 
the ability of the granular course to spread the applied load in a 
diffusion process. They are expressed as functions of the angle 
of internal friction of the material, and a modified formulation 
is derived for the equivalent thickness of the pavement. 

A number of uncertainties and random factors play a role in 
the deterioration process of pavements under the effect of 
traffic. A probabilistic approach can make allowance for the 
stochastic nature of this process and provide a better rationale 
for the design methods. This paper presents an extension in 
this direction of the empirical design method derived from 
the AASHO road tests for flexible pavements with unbounded 
granular layers. The Shook and Finn model (1), which accounts 
for the bearing capacity of the subgrade , was used. 

The probabilistic development addresses two aspects of the 
problem: 

1. The reliability of a pavement section as a function of the 
variability of its subgrade bearing capacity and expected traffic 
load; and 

2. The fundamental relationship between the coefficients 
of equivalence of granular materials of the pavement and their 
mechanical properties. 

School of Civil Engineering, Purdue University, West Lafayette, Ind . 
47907. 

BACKGROUND 

A basic equation resulting from the AASHO road tests (2) 
expressed the decrease of the trafficability index (p) of a given 
flexible pavement structure as a function of the number of 
applied loads: 

where 

c0 and c1 

W= 
p = 

(1) 

initial and final values of the trafficability index, 
number of applied equivalent axle loads , and 
maximum capacity of the structure, in number 
of axle loads. 

The empirical coefficients p and [) in Equation 1 were related 
to the mechanical properties of the pavement structure through 
its equivalent thickness, written in the case of a three-layer 
structure resting on a semiinfinite subgrade as 

(2) 

where D 1, D2 , and D3 are the respective thicknesses of the 
asphaltic concrete wearing course, gravel base course , and 
sandy gravel subbase (Figure 1). The regression coefficients, 
a1 , a2 , and a3 are the coefficients of equivalence of the mate
rials. They represent the relative contribution of each material 
to the overall strength of the structure. This concept of equiv
alent thickness implies that two structures built with different 
materials and course thicknesses, but exhibiting identical D 
values, would have the same rate of decrease of their traf
ficability. The validity of this statement should, however, be 
considered in light of the particular conditions under which 
the tests were performed. These are , for example, related to 
the climatic context, the available sub grade bearing capacity, 
the drainage conditions, and the types of structures experi
mented. This later aspect is particularly noteworthy because 
the failures observed in the AASHO road tests occurred often 
by loss of bearing capacity of the subgrade. 

It was shown by Skok and Finn (3) that a strong correlation 
exists between the vertical stress on the subgrade calculated 
according to the elastic multilayer theory and the equivalent 
thickness found from the empirical model of the AASHO 
tests. This hypothesis was corroborated by additional para
metric studies (4,5). Therefore, it seems reasonable to con
sider the propagation of vertical loads in the subgrade as the 
dominant factor of the observed mechanisms . 
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FIGURE 1 Typical four-layer system of flexible pavement 
tested in AASHO road tests. 

RELIABILITY-BASED DESIGN 

A measure of the bearing capacity of the subgrade was intro
duced into the AASHO empirical model by Shook and Finn 
(1), thus enabling the design method to be applied to geo
technical conditions differing from those of the AASHO tests. 
Their modified model related the necessary equivalent thick
ness of a pavement structure to the number of equivalent axle 
loads, and the CBR of the subgrade, as 

(3) 

In Equation 3, CBR0 denotes the bearing ratio measured 
during the AASHO tests, and CBR is the actual bearing ratio 
of the considered subgrade. The function f resulted from a 
regression analysis: 

f = - 20.5 + 2.07ln W + 0.669Li + 0.0932LiL2 (4) 

where 

Li = axle load and 
L 2 = 0 for single axle, 1 for double axle. 

In the above equations, D should be expressed in inches (1 
in. = 25.4 mm) and Li in kip (1 kip = 4.448 kN). Equation 
4 does not include the safety factor originally applied by 
Shook and Finn to the number of axle loads. 

A major uncertainty involved in the design of pavement 
structures arises from the assessment of the subgrade bearing 
capacity because of the large scattering encountered in CBR 
measurements. It is not unusual to observe coefficients of 
variation of this parameter (i.e., the ratio of the standard 
deviation over the mean value) in the range of 20 to 40 per
cent. For example, according to European road design codes 
(e.g., as noted by others [6]), a roadbed can be considered a 
homogeneous section even if the coefficient of variation of 
its bearing ratio is as high as 50 percent. Uncertainty is also 
involved in predicting the number of traffic loads (W) to be 
carried by a given road section during its expected life. 

Second-Moment Approximation 

The framework of a probabilistic model was suggested recently 
(7) to assess the reliability of a road section when the above 
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uncertainties are considered. A comprehensive presentation 
of this approach is given herein. 

The reliability of a pavement section, i.e., the probability 
of its survival under prescribed operating conditions, is defined 
as the probability that the equivalent thickness D required at 
any time during the life of the pavement will be less than the 
design value D*. From another standpoint, provided that the 
CBR is a spatially uncorrelated process in the longitudinal 
direction, the probability of D exceeding D* can be inter
preted as the fraction of the considered pavement section 
length that will be unable to carry the expected number of 
axle loads for the whole lifetime of the pavement. 

Seldom are the complete statistical distributions of engi
neering properties accessible. Fortunately, significant infor
mation is contained in the first moment about the origin of a 
random variable, the mean, and its second moment about the 
mean, the variance. Considering the necessary equivalent 
thickness (D) as a function of the two random variables ( CBR 
and W), its mean and variance can be expressed as functions 
of the means and variances of the random variables. A second
moment representation of D is obtained by expanding Equa
tion 3 into Taylor series truncated after the quadratic terms. 
A detailed description of this method can be found elsewhere 
(8,9). The following approximations result for the mean and 
variance of D, respectively: 

1 a1D 
D(µw, µCBR) + 2 aW2 (µw, µCBR) 

1 a1D 
. S~ + 2 aCBR2 (µw, µCBR) . S~BR (5) 

st 

(6) 

where µ ands denote, respectively, the mean and standard 
deviation of the variables written in subscripts. 

Introducing Equation 3 in Equations 5 and 6 gives 

1 
( ) 0

,,, · (1.531f(µw) - 1.585V~ 
IJ.c1m 

(7) 

st = l )O.e · (10.043V~ + 0.374f2(µw) V~nR) (8) 
(µ. BR 

with 

-20.5 + 2.07ln (µw) 

+ 0.669Li + 0.0932LiL2 (9) 

where V CBR and V w are the coefficients of variation of the 
CBR and number of axle loads, respectively. 

Based on the knowledge of only its two first statistical 
moments, the function D may be modeled as a normal (Gaus
sian) variate. However, considering that the necessary equiv
alent thickness can take only finite positive values, the use of 
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0 D 

FIGURE 2 Beta distribution model of the necessary equivalent thickness (D) where µ 0 is 
the mean value of D, s0 is the standard deviation of D, D* is the design value of D for a 
reliability K, and P is the probability of distress. 

the Beta distribution is more appropriate in this case. In effect, 
the versatility of the Beta distribution function allows for the 
modeling of bounded random variables. A comprehensive 
discussion on the engineering application and benefit of this 
type of distribution function can be found elsewhere (10). For 
the purpose of the reliability computations, the lower and 
upper bounds of the Beta distribution for D were selected as 
zero and four times its standard deviation above the mean, 
respectively. A typical distribution for D is shown in Figure 
2 with a sketch of the probability of distress, P[ D > D*J. The 
reliability is given by 

k = 1 - P[D > D*] (10) 

From a design standpoint, the value of the required level of 
reliability should be selected and, using the distribution of D, 
the corresponding value of the design equivalent thickness 
computed. It involves finding the value D* corresponding to 
a selected shaded area in Figure 2 (easy-to-use charts or com
puter software exists to perform this simple operation for the 
Beta distribution). 

Parametric Study 

A parametric study was carried out using the proposed model, 
to investigate the sensitivity of the required thickness for the 
asphaltic concrete wearing course (D1) to the variability of 
the random variables (CBR and W). The wearing course 
thickness (D1) was computed according to Shook and 
Finn (1) as 

D _ D• - D 2 - 0.75 0 
I - 2 (11) 

where D 2 and D 3 are the base and subbase course thicknesses, 
respectively. 

The data used in the parametric study are summarized in 
Table 1, and the results are presented in Figure 3a and b. 
The thickness needed for the wearing course increases rapidly 
with the coefficient of variation of the subgrade CBR and with 
the required reliability of the pavement. For example, for a 
desired reliability level of 95 percent, D 1 must be increased 
from about 2 in. to more than 3 in. if the coefficient of var
iation of the CBR increases from 20 to 40 percent. On the 
other hand, the uncertainty on the number of axle loads has 
practically no influence on the design (horizontal lines of D 1 

versus V w for constant V caR in Figure 3b). This is a conse-

TABLE 1 DATA USED IN THE PARAMETRIC STUDY 

Thickness: 

D2 = 5.9 in. (15 cm) 

D3 9.8 in. (25 cm) 

CBR of Subgrade: 

VceR 40% when v"' variable 

Expected Traffic: 

L1 18 kip 

L2 0 (single axle) 

1-'y = 107 axles 

Vw = 15% when VceR variable 
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FIGURE 3 Parametric study: influence of the variability of the CBR (a) and expected traffic (b) on the required thickness 
(see data in Table I) where VcBR is the coefficient of variation of the bearing ratio of the subgrade, Viv is the coefficient of 
variation of the expected traffic loads, and D, is the thickness of the wearing course required for a reliability K. 

quence of the logarithmic form of Equation 4. Thus, the pro
posed model may be simplified by representing the expected 
traffic load (W) in Equations 7 and 8 by its mean value only 
(µw) · This simplification leads to the following expressions 
for the mean and standard deviation of the necessary equiv
alent thickness: 

µD (12) 

0.612 

( )
o.<1 • f(µw) · VcsR 

µ CIJll 
(13) 

Application to the AASHO Road Tests 

The statistics of the subgrade in situ CBR reported for the 
AASHO road tests indicated a mean value of 2.9 and a coef
ficient of variation of 35 percent (Figure 4). On this basis, 
the proposed probabilistic method can be applied to the case 
of the AASHO tests, using the coefficients of equivalence of 
the materials recommended by Shook and Finn (1), i.e., a1 

= 2, a 2 = 1, and a3 = 0.75. 
The results are summarized in Figure 5 and compared with 

the experimental data for the range of applied traffic loads. 
The theoretical curve obtained for a reliability of 95 percent 
leads to design values of D that are 4 in. larger than the 
experimental mean values . From their statistical analysis of 
the test results, Shook and Finn also concluded that to cover 
the experimental data points with a 95 percent confidence 
level, the average regression line had to be shifted by an 
amount of 4 in. 

COEFFICIENTS OF EQUIV ALEN CE FOR THE 
GRANULAR MATERIALS 

In the previous section, it was shown how the reliability of a 
flexible pavement structure can be evaluated for a given value 
of its equivalent thickness. In practice, the design of a struc
ture at a given level of reliability requires not only the assess
ment of its necessary equivalent thickness, but also the deter
mination of the resulting thicknesses for the individual layers. 
An empirical linear relationship, Equation 2, was derived 
from the AASHO road tests to relate these quantities to the 
equivalent thickness. Numerical values fitting the AASHO 
test data were proposed for the coefficients of equivalence of 
the materials, such as in Equation 11. However, the use of 
these empirical values for materials differing from those of 
the experimented structures is questionable. To date, the 
coefficients of equivalence have not been related explicitly to 
the engineering properties of the materials. An analytical model 
is formulated herein to accomplish this. 

Theory of Stochastic Stress Diffusion 

The conventional approach to assess the transmission of traffic 
load through a pavement system is to compute stresses by 
using the theory of linear elasticity. Such solutions require 
the assumption of an equivalent continuum. Furthermore, 
unless anisotropy is explicitly introduced, the elastic solutions 
are unable to account for the state of compaction of the gran
ular materials and its effect on the distribution of stresses in 
the pavement layers. 

In the present model, the transmission of applied load through 
the pavement layers is described using the theory of stochastic 
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FIGURE 4 Statistics of the subgrade CBR in the AASHO 
road tests. 
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FIGURE 5 Application of the reliability-based model 
to the AASHO road tests (modified after Shook and 
Finn [J]). D is equivalent thickness and W is number 
of applied axle loads. 

stress diffusion in particulate media developed by Sergeev (11) 
and Harr (12). A detailed formulation of the theory can be 
found elsewhere (13,14). Instead of assuming continuity and 
homogeneity of the medium, its particulate and inherently 
random nature is recognized, and boundary value problems 
are solved by using probabilistic arguments. The transmission 
of applied loads is the result of the propagation of contact 
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forces between particles. This can be modeled as the pro
gression with depth of a vertical force undergoing random 
lateral fluctuations when proceeding from a particle to its 
neighbor. For two-dimensional plane strain conditions, this 
model leads to a diffusion-type equation: 

asz = c a1 sz 
az ax2 

(14) 

where Sz(x ,z) is the expected vertical stress at a point (defined 
by the coordinates x and z), and C is the coefficient of dif
fusion that governs the rate at which the particulate material 
spreads the applied surface load. The coefficient C can be 
expressed as 

c = v. z (15) 

where the coefficient of diffusivity (v) is a state parameter of 
the material. From a structural viewpoint, v is influenced by 
such factors as stress-induced anisotropy of the granular 
assembly, intergranular friction properties, and state of com
paction of the medium. 

For a concentrated surface load (P) the solution of Equation 
14 is a bell-shaped Gaussian density function (Figure 6): 

Sh• z) 1 (-x2
) 

--p- = z\/2TIV exp 2vz2 
(16) 

These results were generalized for distributed applied loads, 
axisymmetric or tridimensional geometry, and multilayer soil 
systems (12). 

Let us consider a system consisting of three courses of par
ticulate material of thicknesses H 1 , H 2 , and H 3 , resting on a 
semiinfinite subgrade (Figure 7a). The expected v~rtical stress 
at each interface under the load is denoted by Sz;· By defi
nition, the equivalent thickness f/1 of layer 1 is the thickness 
of material 2, which can be substituted to the thickness ff1 of 
material 1 without modifying the distribution o!._ vertical stresses 
in layer 2. In other words, the vertical stress Sz2 in the equiv
alent structure shown in Figure 7b (f/1 , H 2 , H 3) is equal to 
the stress at the same level in Figure 7a. The equivalent thick
ness of layers 1 and 2, f/2 is defined in the same way, as is 

x ... 

p 

! 
:~ :~: • . ·~.! : ... 
.. ... ... . ..... . 

. . .. . ·. 
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# •• ···: ' \. ... .. z 

FIGURE 6 Vertical stress 
distribution in a semi-infinite 
particulate medium under a 
concentrated surface load. 
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FIGURE 7 Concept of equivalent thickness in a stratified particulate medium where S,1 is the vertical 
stress at interface i and v1 is the coefficient of stress diffusivity in layer i. 

also the equivalent thickness of layers 1, 2, and 3 (Figure 7c 
and d): 

(17) 

where v1, v2 , v3 , and v4 are the coefficients of stress diffusivity 
of the layers . 

For a system of N layers, a recurrence relationship can be 
derived (12): 

H ~N- 1 +. • .+ N-1 --
VN 

(18) 

According to this model, H3 represents the thickness of 
subgrade material that can be substituted for the other courses 
without modifying the state of vertical stress in the subgrade. 
Thus, for a given subgrade material characterized by its coef
ficient of diffusivity (v4) systems with the same value of H3 

are equivalent from the standpoint of the vertical stress dis
tribution applied to the subgrade. This condition is written: 

or, more generally 

constant (20) 

where b is an arbitrary constant. 

Application to a Pavement System 

There is conceptual and formal analogy between the equiv
alent thickness of a pavement and the equivalent thickness 
defined in the theory of stochastic stress diffusion for a strat
ified particulate medium . Identifying Equation 20 to Equation 
2leadsto 

where 

(21) 

a1 = empirical coefficient of equivalence related to 
the asphaltic concrete wearing course; 

v2 and v3 = coefficients of stress diffusivity of the granular 
base and subbase courses; 

D 1 ,D2 ,D3 = thicknesses of the courses in inches; and 
b = constant. 
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Recalling that the stochastic theory of stress propagation 
was at first derived for cohesionless particulate materials, the 
wearing course asphaltic concrete in a flexible pavement does 
not conform strictly to the hypotheses of the theory in its 
present state of development. Thus, in Equation 21, the con
tribution of the wearing course is represented by an empirical 
coefficient, whereas the analytical solution is applied to the 
granular material courses. 

Conceptually, the coefficient of diffusivity of a cohesionless 
soil ( v) is related to the coefficient of lateral pressure and is 
influenced by the stress history and the shear strength of the 
granular material. For loose, normally consolidated granular 
soils, it was shown that v can be approximated by the coef
ficient of earth pressure at rest (K0 ) and thus related to the 
angle of internal friction of the material (13 ,14). 

In the present case of a pavement structure with compacted 
granular materials, the coefficient of stress diffusivity is 
approximated by the coefficient of passive earth pressure KP: 

v = tg2 (45° + cj>'/2) (22) 

where<!>' is the effective angle of internal friction. Therefore, 
D in Equation 21 becomes 

D a1D 1 + /; tan(45° + cj>~/2)D2 
1 

+ b tan(45° + cj>~/2)D3 

Comparison with the AASHO Road Test Results 

(23) 

The granular materials of the AASHO road tests were a crushed 
gravel for the base course (stabilized base courses are not 
considered in this study) and a sandy gravel with added fines 
for the subbase. For a comparison with the proposed model, 
in absence of published shear test results, the friction angle 
of these materials is estimated to range between 40 and 45 
degrees for the base course, and between 25 and 35 degrees 
for the subbase. 

From Equations 2 and 23, the ratio a3/a 2 of the equivalence 
coefficients is 

(24) 

As shown in Table 2, theoretical and experimental estimates 
for this ratio are close. Furthermore, the proposed model is 
in agreement with the value of a/a2 obtained by Shook and 
Finn (1) for <!>~ = 43° and <!>~ = 30° (Figure 8). These values 
introduced into Equation 23 give a value of 2.3 for the con
stant b leading to 

D = 2D 1 + 0.435 tan(45° + cj>~/2) D 2 

+ 0.435 tan( 45° + cj>~/2) D 3 (25) 

with D, D 1 , D 2 , and D3 in inches. Equation 25 is a generalized 
form of the Shook and Finn (1) expression for the equivalent 
thickness and can be integrated into the reliability-based model 
developed in the previous section. 
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TABLE 2 COEFFICIENTS OF EQUIVALENCE OF THE 
GRANULAR COURSES a3/a2 FOR THE AASHO ROAD 
TESTS 

Computed using the proposed model 

¢ ' ' ¢ '3 a3/ a, 
-------------------------------------------------

45° 

25° 
30° 
35° 

25° 
3 o0 

35° 

Empirical values from the tests 

reference a 3/a2 

0.73 
0.81 
0.90 

0.65 
0.72 
0.80 

------------·----------------------------
HRB [2) 

without seasonal ponderation 0.71 

Shook and Finn [l) 0.75 

HRB [2) 
with seasonal ponderation 0.79 

Painter [15) 0.81 

CONCLUSIONS 

A probabilistic extension of the empirical method derived 
from the AASHO road tests for the design of flexible pave
ments has been proposed. The reliability assessment of a 
pavement section is obtained by considering the Shook and 
Finn (1) design equation as a function of two random varia
bles, the expected number of traffic loads, and the CBR of 
the subgrade soil. The formulation is a second-order, second
moment development of this equation, which requires knowl
edge of only the means and standard deviations of the random 
variables. The model compares favorably with that from a 
statistical analysis of the AASHO test results. A sensitivity 
analysis indicates that the CBR variability has a large influ
ence on the pavement reliability. The uncertainty on the 
expected traffic loads has little effect on the reliability when 
a large number of axle loads is considered. Hence, the mean 
value of the expected traffic load is a sufficient estimate for 
this parameter. 

An analytical model has been formulated for the coeffi
cients of equivalence of the (unbounded) granular materials 
of the base and subbase courses, using the theory of stochastic 
stress propagation in particulate media. It is shown that in 
the context of this theory, these coefficients represent the 
property of the granular course to spread the applied load in 
a diffusion process. A modified formulation is derived for the 
equivalent thickness of the pavement, and the coefficients are 
simply expressed as function of the angles of internal friction 
of the materials. 
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FIGURE 8 Coefficients of equivalence of the granular courses aJa,. 
Comparison of theoretical and empirical models (see also Table 2). 
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Computer Simulation of Load 
Equivalence Factors 

w. J. KENIS AND c. M. COBB 

AASHTO's load equivalence factors are evaluated with the aid 
of a computational model for predicting flexible pavement response. 
First the VESYS 5 computer program was verified to assure that 
it co~ld be used to conduct computer road tests. Following this, 
damage produced by steering axles at the AASHO Road Test 
was evaluated in an effort to quantify the error in the AASHTO 
equivalence factors, because steering axles were neglected in the 
development of these equivalencies. Next, the co~puter model 
was used in the conduct of computer road tests with the goal of 
developing equivalence factors for condi!ions n~t pre.sent at ~he 
AASHO road test site. Finally, exponential relat10nsh1ps relatmg 
pavement deflections and strains to load equivalencies based on 
cracking and rutting were developed. 

Traffic volume, vehicle weight, speed, tire pressure, axle spac
ing, and vehicle suspension are factors that must be considered 
when studying pavement response. Added to these are envi
ronmental conditions that constantly change, inflicting dam
age to the pavement. Material properties of flexible pave
ments, for example, are influenced not only by temperature, 
but also by vehicle speed. Thus, it is tempting for the pave
ment engineer to make simplifying assumptions in pavement 
design, reducing the number of variables to those that sig
nificantly affect pavement response. One such simplifying 
assumption involves the concept of the equivalent single axle 
load (ESAL) and load equivalence factor (LEF). It allows 
the design engineer to reduce the numerous vehicles traveling 
on the road to an equivalent number of single axles. The 
concept was first developed from the AASHO Road Test 
results and has been in common use since. 

Because the data from the AASHO site are limited to the 
conditions at the site, it is desirable to investigate those factors 
not studied at the site; because the cost of conducting similar 
road tests is prohibitive, it becomes economically justifiable 
to use computational pavement response models. For exam
ple, tridem axle configurations, now common on the nation's 
highways, were not included in the AASHO Road Test traffic. 
Other factors not studied include axle spacings, vehicle spac
ings, transverse positions of the vehicles on the pavements, 
truck speed, and tire pressures. In addition, steering axles 
were neglected in the development of load equivalence factors 
(except for vehicles having just two single axles). 

This paper includes the results of the following research 
objectives. 

W. J. Kenis, FHWA, HNR 20, 6300 Georgetown Pike, McLean, Va. 
22101. C. M. Cobb, Department of Civil Engineering, Louisiana Tech 
University, Ruston, La. 71272. 

• Calibrate the VESYS S program to simulate the response 
measured at the AASHO Road test. 

• Evaluate pavement response caused by steering axles in 
the AASHO Road Test experiments. 

•Calculate LEFs based on serviceability and damage. 
• Evaluate relationships between primary response LEFs 

and damage-based LEFs. 

EQUIV ALENCY CONCEPTS 

At the AAS HO Road Test site a number of identical thickness 
designs were used in various loops so that a single design was 
independently subjected to several different traffic loadings. 
Ten different vehicle types (Figure 1) were used in the test. 
Only one vehicle type was used in each lane so that each 
pavement section was subjected to only one type of loading. 
The distribution of vehicles was such that axle load applica
tions accumulated at the same rate in all traffic lanes through
out the test period. Except when road conditions were pro
hibitive because of pavement distress or weather conditions, 
the vehicles traveled at a constant speed of 35 mph (1). 

The primary objective of the AASHO Road Test was to 
establish relationships between pavement performance and 
design characteristics such as layer thicknesses and loading 
parameters. The LEFs developed as a result of the AASHO 
Road Test were calculated from performance equations based 
on the relationship between the number of load repetitions 
and the present serviceability of the pavement. A standard 
single-axle load of 18 kips was adopted. The AASHTO LEF 
for criteria based on present serviceability index (PSI) is 

(1) 

where W0 is the number of standard single axles to a limiting 
value of PSI and Wx is the number of any axle (single or 
tandem) of load x to the same limiting value of PSI. It may 
also be expressed in terms of the AASHTO performance 
equation as 

LEFPsi = {(Lx + L2)/(18 

+ 1)}4.79 Li4.33 g<llPlB - llPX) (2) 

where Lx is the load on any single or tandem axle, ~ is a 
function of Lx plus the structural capacity of the pavement, 
g is a function of the ratio of the serviceability indexes and 
L 2 = 1,2 the axle code for single or tandem axles, respec
tively (2). With the exception of two-axle trucks, the steering 
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FIGURE 1 AASHO trucks (1). 

axles of the vehicles were not considered to be load axles and 
no provision was made in the road test analyses to study the 
significance of the steering axles on pavement performance. 
Later, Scala (3) suggested that the steering axles at AASHO 
contributed only about 3 percent of the total damage caused 
by the test vehicles. However, he also suggested that for some 
vehicles traveling on today's highways, the steering axle car
ries a greater portion of the load than those used in the AASHO 
Road Test and may therefore contribute significantly to the 
total damage. 

Previously, the AASHTO Design Guide included equiva
lencies for only single-axle loads up to 40 kips and tandem
axle loads to 48 kips. The latest AASHTO Design Guide, 
published in 1986, includes equivalences for single-axle loads 
to 50 kips, tandems to 90 kips , and tridems to 90 kips . To 
obtain these new equivalencies, Equation 2 was used. For 
tridems, the axle code in Equation 2 was given the value of 
three. There is some uncertainty as to the validity of extending 
these equations to generate equivalencies for loads and axles 
not applied at the road test. 

It was observed by Scala (3) that the AASHTO equivalence 
factors expressed by Equation 1 are approximately equal to 
the fourth power of the ratio of the actual loads: 

(3) 

This relationship is commonly known as the Fourth Power 
Law where L 0 takes on the standard values 18, 30 , and 40.7 
for single-tandem and tridem-axle loads. 
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Weight in Kips 

Front Load Gross 

2 2 4 

2 6 8 

Load• 4 12 28 

••• 6 24 54 

• 6 18 42 

g 32 73 

••' 
• 6 22.4 51 

••' 
9 40 89 

• 9 30 69 

•• ' 12 48 108 

In addition to present serviceability, other pavement response 
measures might be used as a basis for determining load equiv
alence factors. For damage-based criteria (D) 

(4) 

where W0 and Wx are evaluated at a limiting value of distress 
rather than PSI, and LEFv is known as a damage equivalence 
factor. If one makes certain linearity assumptions on the fl ex
ible pavement fatigue cracking damage equation, 

Wlc = Kl(l/e)K2 (5) 

where Kl and K2 are fatigue material property constants and 
Wis evaluated at some limiting measure of cracking, then on 
substitution into Equation 4 for the respective loads , the fol
lowing primary response strain equivalence equation is 
obtained: 

LEF, = (e)e0 )K
2 (6) 

In this equation, e is the tensile strain (primary response) for 
the respective loads at the bottom of the AC layer. Similarly, 
an expression for primary response deflection equivalency 
may be developed by using the rut depth equation 

(7) 
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where dx is pavement maximum surface deflection and µRand 
aR are pavement system permanent deformation properties. 
Equation 4 may be used in Equation 7 to yield 

(8) 

Canadi.an research regressed rebound deflection (d) against 
number of load repetitions to limiting PSI ( 4) to obtain 

(9) 

where b is the regre sion coefficient from variou. fi ld xper
iments. Because Equations 6 , and 9 are functi ns of strain 
or deflection, they are called primary response equivalencies. 
We can solve for the exponent in any of Equation 6, 8, or 
9; however, it is more enlightening to develop a general 
expression 

Q = log LEF/log (PR)PR0) (10) 

where Q is the exponent llaR, b, or K2; PR is the deflection 
or strain primary response; and j is an identifier for PSI, 
cracking, or rutting. This expression is awkward when the 
primary respon e ratio or the LEF is close to or equal to 1. 

One other major concern with the above equivalencies is 
that of definjog dx or ex for multiple-axle configuration . For 
instance, Canada has defined dx in Figure 2 for mul tiple axles 

where 

(11) 

d;, T; = peak deflection and trough of axle i for an 
n axle group, 

(d;+ 1 - T;) difference in magnitude between the max
imum deflection recorded under each suc
ceeding axle and the minimum residual 
deflection preceding the axle, and 

0.7 

s 0.6 
u 
r 
f 0.5 
a 
c 
e 0.4 
D 
e 
f 0.3 
I 
e 
c 0.2 t 
i 
0 
n 0.1 

0 
FIGURE 2 Tandem axle. 
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d0 = pavement surface deflection caused by the 
standard single-axle dual tire load. 

A similar approach is u cd in VE YS 5. The primary ·train 
or deflection response at any p int in the pave ment e<1u ed 
by multiple axle is obtained through uperposition of the 
respon. e at that point cau ed by each axle in the multiple
axle configuration. he proportional amount of peak to val
ley, as hown in Figuse 2, determines the magnitude f the 
response to be used in the repeated load damage models . For 
example, for tandem axles the equation would be 

Response 1 

Response 2 

max [d1 , d1] 

min [d1 , d1 ] - T1 (12) 

The algoritlnn generalizes readily to higher multiple-axle groups. 
This procedure differs from the anadian m thod in that it 
assigns no special treatment to the lead axle in the axle group. 
Rather, it assumes that the greatest damage is caused by the 
great st response, regardless of which axle appears to be pro
ducing that response. 

VESYS COMPUTATIONAL MODEL 

The evolution of the VESYS series of computational pave
ment models began in the mid-1970s with the development 
of a prototype version, VESYS 2M, a dosed form three-layer 
viscoelastic model (5). Since the development of VESYS 2M, 
ten other versions have been produced (6) . 

Given parameters that define the pavement, environment, 
and loading, YESYS can predict the pavement's behavior 
over time. Initially, layer theory is used to calculate primary 
response stress, strain, and deflection under a static loading. 
These values are used along with traffic loading in cumulative 
damage models to predict cracking, rutting, and roughness. 
Finally, the present serviceability index is computed. 
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VESYS 5 has the unique feature of analyzing pavement 
response caused by single, tandem, or tridem axle loadings. 
Traffic volumes are specified in AADT (average annual daily 
traffic) wherein each axle group is considered to be one com
ponent of the traffic. The actual vehicle configuration may 
consist of several axle groups up to three axles. Each group 
is counted separately in the AADT designation. The user also 
specifies the number and length of time periods into which 
the traffic flow over the entire analysis period is divided. The 
percentage of each axle group composed in the AADT is 
specified and may be adjusted for seasonal variation (B. Bra
demeyer, unpublished FHWA data) . 

VERIFICATION AND CALIBRATION 

Any newly developed computational pavement model must 
first be verified for realistic ranges of environmental, material, 
and traffic parameters. Once it is verified, the model can be 
calibrated so that predictions of pavement response are within 
a desirable degree of accuracy for a specific set of conditions. 
Calibration may be done either internally or externally (7) . 
Internal calibration is carried out by adjusting program inputs 
(usually material properties). External calibration is achieved 
by applying a calibration factor to the program output. 

Most of the mechanistic models comprising VESYS 5 and 
used in this study were verified and calibrated for AASHO 
conditions in previous studies. However, in this study VESYS 
5 is further calibrated internally by comparing results of dam
age predictions with measured values of rutting, cracking, and 
serviceability from the 16 AASHO Road Test sections shown 
in Table 1. The sections were selected so that two thickness 
designs could be analyzed over the entire range of loading 
configurations for the main loops (3 through 6). 

A study conducted by Kenis et al. (8) in 1982 developed 
values for layer stiffness moduli, permanent deformation 
properties (GNU and ALPHA), and fatigue properties Kl 
and K2 for four seasons. These values are shown in Table 2 
and were applied to determine inputs for VESYS 5 for use 
in the calibrations. 
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The traffic rates applied to VESYS (for the calibrations) 
were kept identical to the rates applied at the AASHO test site . 

Seasonal Data 

YESYS 5 has the capability of modeling environmental changes 
at variable intervals of up to 12 seasons per year. Primary 
response is generated for each season. Determination of the 
number and length of seasons was done by analysis of deflec
tion measurements taken at the AASHO Road Test every 2 
weeks. These deflections were averaged for the 2-year period 
and are plotted as shown in Figure 3. The environmental 
change having the greatest effect on deflections is the spring 
thaw, beginning around March 18 and ending around May 
13. Pavement temperatures for each season were obtained by 
adding 24°F to the average air temperature for each of five 
seasons, as suggested by Rauhut and Jordahl (9). It was deter
mined from this plot that the conditions at the AASHO Road 
Test could adequately be modeled with the five seasonal inter
vals shown . 

Layer Stiffness Moduli 

Adjustments were made to the stiffness moduli of Table 2 
so that they would correspond with the seasons selected for 
YESYS 5. The final values used for the study are given in 
Table 3. The surface layer creep compliance curve shown in 
Figure 4 was used along with the time temperature shift rela
tionship (8): 

(13) 

where 

t70 = time corresponding to the compliance at reference 
temperature T0 , 

TABLE 1 MAIN DESIGNS FOR AASHO LOOPS 3 THROUGH 6 

AAS HO Axle Axle AASHO Section Number* 
LOOP Type Load 4-3 -8 4-6-9 

(pounds) De.s ign Des ign 

3 Single 12,000 121 139 
Tandem 24,000 122 140 

4 Single 18,000 589 577 
Tandem 32,000 590 578 

5 Single 22,400 481 455 
Tandem 40,000 482 456 

6 Single 30,000 269 303 
Tandem 48,000 270 304 

* Surf ace-8ase-Subbase Thickness, inches 



TABLE 2 MATERIAL PROPERTIES USED BY KENIS ET AL. (14) 

Material Winter Spring Summer 
Pro ert 
Modulus (KSI) 

Surface 1600 550 140 
Base 40 30 40 
Subbase 20 15 20 
Subgrade 4.5 3 4.5 

Permanent Deform 
Surf ace 

GNU 0.04 0.078 0. 10 
ALPHA 0.60 0.72 0.60 

Base 
GNU Variable Function of Stress 
ALPHA 0.75 0.75 0.75 

Subbase 
GNU Variable Function of Stress 
ALPHA 0. 75 0.75 0.75 

Subgrade 
GNU 0.04 0.15 0.04 
ALPHA 0.75 0.75 0.75 

Fatigue 
Surf ace 

Kl 1.0E-13 l .8E-12 1.3E-8 
K2 

Mean Deflection 
Thousond t hs of Inches 

32 

28 

24 

20 

15 

12 

8 

4 

Season 1 
105 days 

50 degrees 

5 .10 

Season 2 
57 days 

69 deg rees 

5.01 

Season 3 
70 days 

9 1 degrees 

4.87 

Season 4 
70 days 

97 deg rees 

Fall 

450 
40 
20 

4.5 

0.082 
0.71 

0.75 

0.75 

0. 04 
0. 75 

3.0E-1 
4.99 

Season 5 
63 days 

75 degrees 

0f--"'--_..__-l---'--'--+--'-..L..L--+---'~'-'-+--_..__..._-+-_._L-'---+--'----'---+-'-''--"'--+-----' 

12/3 1/14 2/25 4/7 

FIGURE 3 AASHO loop I. 

5/19 

Date 

5/30 8/1 1 9/22 11/3 
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TABLE 3 SEASONAL LA YER MODULI 

Moduli (ksi) for 

Season Season Season Season Season 
1 2 3 4 5 

Surface 1,600 550 170 140 460 
Base 42 30 33.5 37 41 
Sub base 21 15 16.5 18 21 
Sub grade 4.7 3.3 3.8 4.1 4.6 

NOTE: Season 1: 105 days, 50°F; season 2: 57 days, 69°F; season 3: 70 
days, 91°F; season 4: 70 days, 97°F; and season 5: 63 days, 75°F. 

tr = time corresponding to the same compliance on shifted 
curve at temperature T, and 

ar = time temperature shift factor = lQ(ro-T)~ 

The time fro on the master creep compliance curve of Figure 
4 for any temperature T (with tr estimated to be 0.03) is 
obtained by 

fro = (0.03)1Q(r-70)~ (14) 

where 13 = 0.054 as recommended by Rauhut and Jordahl 
(9). To obtain the surface stiffness moduli, the compliance 
for each temperature is taken from the master creep compli
ance curve and inverted. 

For the spring season, base and subbase stiffness moduli 
were obtained from nomographs found previously (10). Results 
from CBR tests (11) taken before placement of the pavement 
at the AASHO Road Test were used to estimate spring subgrade 
moduli. 

For the remaining seasons, base, subbase, and subgrade 
stiffness moduli were obtained by adjusting the values selected 
for spring using several different procedures, viz., seasonal 
multipliers and back calculations using deflection basins mea
sured at the AASHO Road Test (2). 

Layer Permanent Deformation Properties 

The results of repeated load tests conducted by the FHW A 
on a control mix of asphalt concrete at 40°F, 75°F, and 90°F 

Creep Compliance (1/psi) 
1.000E-04 ~----'----'--------------

1.000E-05 

1.000E-06 

1.0 0 OE -0 7 '----'--L.L..L..u..u.L--'---'-J....LIUJ.L'---'--'-.u..Ju..u..___.__._ ........ u,;,L 

0.001 O.Q1 0.1 10 

Time (seconds) 

FIGURE 4 Road test surface (8). 
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were used to obtain values of ALPHA and GNU for the 
surface layer for input to VESYS 5 (8). Values of GNU for 
the base and subbase in the Kenis et al. study (8) were estab
lished as functions of deviator stress. However, a recent study 
by Leahy (unpublished FHWA data) showed that deviator 
stress has little influence on GNU for these layers. Preliminary 
runs for the current study supported Leahy's conclusion. The 
ALPHA values for the base and subbase, when varied, were 
found to have little influence on pavement response for all 
seasons ( 8). 

Data from the AASHO Road Test (11) indicate that the 
moisture content in the subgrade was about 14 percent for 
the spring and 12 percent for the other seasons. The rela
tionship between GNU and moisture content for the subgrade 
is plotted in Figure 5. The effect of moisture content on ALPHA 
for the subgrade has not been established. The initial values 
from the study by Kenis et al. (8) were used to make adjust
ments through trial and error until reasonably good predic
tions of rutting were obtained. Table 4 shows final values of 
GNU and ALPHA used in this study. 

Fatigue Properties 

Fatigue properties (Kl and K2) for the surface layer have 
been established at 70°F to be approximately 2.0 x 10- 12 and 
5.0, respectively (9). Seasonal adjustments to these values 
were made using adjustment factors given in the VESYS user's 
manual (5). Again, calibration was obtained through trial and 
error by comparing measured values of cracking with VESYS 
5 predictions. Values of Kl and K2 used for the surface layer 
in the equivalency analysis are as follows: 

Season 1 Season 2 Season 3 Season 4 Season 5 

Kl 6.0 x 10- 12 2.0 x 10- 12 1.0 x 10- 10 1.3 x 10- 01 1.0 x 10-11 
K2 5.1 5.01 4.95 4.87 4.99 

Calibration Simulations 

The examples of pavement response given in Figure 6, are 
evidence of reasonable predictions of rutting (a), cracking ( b), 
and serviceability for single and tandem axles (c) at AASHO. 
Inner and outer wheel path damage are evidence of a high 

GNU 
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FIGURE 5 Subgrade GNU (8). 
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TABLE 4 SEASONAL LAYER PERMANENT DEFORMATION PROPERTIES 

GNU/ALPHA 

Season 1 Season 

Surf ace .04 .055 
.50 .45 

Base .045 .1 
• '7 5 . 75 

Subbase .01 .04 
.75 .75 

Subgrade .04 .05 
.75 .50 

degree of variability as indicated in the plots. Considering 
that the seasonal material properties for all sections are 
represented by a single value, deviations from measured data 
are expected. It is interesting to note that the deviations between 
measured inner and outer wheel path often are greater than 
deviations between VESYS and any one of the measured 
values. The results of these simulations establish VESYS as 
a suitable tool for analysis of the main objectives of this study. 

ANALYSIS 

To study the main objectives, a single pavement design (cor
responding to AASHO sections 121, 122, 269, and 270 of 
loops 3 and 6) having surface, base, and subbase thicknesses 
of 4, 3, and 8 in., respectively, was selected. Axle loads and 
tire pressures used are given in Table 4. They were selected 
so that the contact radii ranged from 5 to 8 in. (which also 
corresponds to the range for AASHO vehicles) . The AASHO 
traffic rates were used in VESYS for the steering axle analysis; 
however, adjustments were made to these rates for the LEF 
damage and primary response analyses . 

Steering Axle Analysis 

To study the validity of neglecting steering axles in the devel
opment of AASHTO LEFs, each of the four vehicles shown 
in Figure 1 for loops 3 and 6 was applied in a VESYS 5 
simulation both with and without steering axles. Traffic rates 
identical to those at AASHO were used. An example of the 
resulting damage predictions is given in Figure 7 for AASHO 
test section 270. It is obvious from this plot that very little 
pavement damage was caused by the steering axles in the 
VESYS simulation. Simulations on the other three vehicles 
produced identical conclusions. For the four sections ana
lyzed, average steering axle damage was about 2.10 percent 
for rutting, 0.125 percent for cracking, and 1.31 percent for 
serviceability. Simulation of the remaining sections at the road 
test should yield similar results because all of the steering 
axles supported approximately the same percentage of loading. 

2 Season 3 Season 4 season 5 

.10 .10 .082 

.72 .60 .71 

.215 .23 .15 

.75 .75 .75 

.938 .04 .015 

.75 .75 .75 

.04 . 04 . 04 

.75 . .75 .75 

Serviceability and Damage-Based Analysis 

Initial computer runs made with the AASHO traffic rates for 
tridem axle configurations resulted in total loss of service
ability early in the simulation, during the first spring thaw. 
This loss led to equivalencies for very heavy tridem axle load
ings that were unexpectedly low. These equivalencies are plot
ted in Figure 8 and are compared with the AASHTO equiv
alencies. Thus, traffic rates were lowered so that damage 
occurred at a stable rate throughout the simulation period, 
but the relative variability in traffic volume was maintained 
over the five seasons. Using the adjusted traffic rates, load 
equivalence factors based on VESYS 5 predictions of rutting, 
cracking, and serviceability were calculated for comparison 
with AASHTO LEFs using Equation 1 for serviceability and 
Equation 4 for rutting and cracking. Terminal levels of% in. 
for rutting, 50 percent for cracking, and 3.0 for serviceability 
were used in determining equivalencies. The calculated equiv
alencies are given in Figures 9 through 12. 

Figures 9 and 10 compare AASHTO LEFs to those based 
on the VESYS 5 predictions of serviceability. In general, the 
VESYS 5 serviceability LEFs for all axle configurations are 
closely correlated with AASIITO LEPs. Minor deviations are 
apparent, suggesting that equivalencies based on VESYS 5 
predictions of serviceability increase at a rate slightly lower 
than do AASHTO equivalencies. 

VESYS predictions of damage-based LEFs are plotted in 
Figures 11 and 12. Tridem equivalence is plotted in Figure 
11 for three different damage criteria. The choice of damage 
criterion appears to have a mixed effect on LEF; however, 
rutting equivalencies are, in general, lower for all configu
rations. Rutting LEFs are also plotted in Figure 12 but grouped 
according to axle configuration instead of damage criterion 
(for other damage criteria, the plots are similar in shape). 
Figure 12 suggests the existence of a consistent relationship 
between equivalencies for multiple-axle configurations. 

An interesting phenomenon can be observed from Figures 
11 and 12. In the figures it is apparent that a wide range of 
axle loads have equivalencies based on rutting approximately 
equal to one. For these axle loads, failure occurred during 
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FIGURE 6 AASHO Section 121, 4-3·8 pavement 12 K single: (a) rut depth; (b) 
area cracked; and (c) present serviceability index. 
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FIGURE 8 Tridem equivalence (AASHO traffic rate). 
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FIGURE 9 Single-axle equivalence (adjusted traffic rate). 
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FIGURE 10 Tridem equivalence (adjusted traffic rate). 
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FIGURE 11 Tridem equivalence (adjusted traffic rate). VESYS 
predictions of damage-based LEFs. 
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FIGURE 13 VESYS 5 rutting predictions (AASHO traffic rate). 

the second spring thaw, as was the case with the 18-kip stan
dard . The existence of this phenomenon is described in Figure 
13, which shows VESYS 5 predictions of rutting for the 18-
kip standard and for the 30-kip single-axle loads. The sharp 
increase in rutting to levels above % in. occurs at approxi
mately the same number of repetitions (250,000 to 300,000 
vehicle passes) for both loads . The equivalency for the %-in . 
failure level is 1.00, whereas the equivalency for a Vi-in. failure 
level is much higher at approximately 6.00. 

These examples illustrate that the season in which failure 
occurs (also a function of traffic rate) has an important influ
ence on the value of the load equivalence factor. Generally , 
if failure occurs during the same seasons of the same year for 
both the standard axle load and the load for which the equiv
alency is being obtained, the equivalency will be close to one. 
If failure occurs for one of the axle loads during the following 
year, the equivalency will be higher for loads greater than the 
standard and lower for loads smaller than the standard, assuming 
that traffic rates are not altered. It is important to note that 
from the four main traffic loops at the road test, 45 percent 
of the sections were removed from the test before the end of 

the first spring season. This percentage is broken down by 
load as follows: 

Singles 

12 kip- 77% 
18 kip-50% 
22.4 k-37% 
30 kip- 17% 

Tandems 

24 kip-87% 
32 kip-47% 
40 kip-37% 
48 kip-13% 

The above analyses suggest that, had traffic rates been reduced 
so that all sections lasted throughout the test period, the 
AASHTO load equivalencies would have been higher for 
loads greater than the standard and lower for loads smaller 
than the standard. 

Primary Response Analysis 

Strain Based-The AASHTO and the cracking LEFs (Figures 
9-12) were related to the strain ratios for each of the five 
seasons and for each of the single-, tandem-, and triple-axle 
loads (Table 5) using Equation 10. The exponent was then 

TABLE 5 AXLE CONFIGURATIONS USED IN LOAD EQUIVALENCE 
ANALYSIS 

S: ingl !l AXl !lS Ta ndem Axl es Tr idem Axl es 

L2~!1 T1 re Pres s ur~ L!!ad Ilr!l fi:ll~~u i:!l L2ad Ile~ Pi-es~ure 

12 kip 75 psi 24 kip 75 psi 30 kip 75 psi 

18 kip 75 psi 32 kip 75 psi 36 kip 75 psi 

22.4 kip 75 psi 40 kip 75 psi 46 psi 75 psi 

30 kip 75 psi 48 kip 80 psi 54 kip 75 psi 

40 kip 75 psi 60 kip 100 psi 60 kip 75 psi 

50 kip 80 psi 70 kip 115 psi 70 kip 75 psi 

90 kip 135 ps i 90 kip 75 psi 

120 kip 100 psi 

150 kip 135 ps i 
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calculated for all cases. Exponents for tandem-axle cracking 
LEFs are plotted in Figure 14 (similar trends were observed 
for single and tridems). Note that the curves tend to infinity 
when the strain ratios are close to or equal to one. Also, when 
the LEF in the numerator is identically equal to one, an 
undefined 0/0 condition exists. Strain ratios close to one occur 
when the global maximum strain of the axle group approaches 
that strain produced by the 18k standard single-axle load . 
Note that the tandem exponent is a positive number at all 
times . This exponent is positive because the numerator of 
Equation 10 (log of cracking LEF) is at all times greater than 
the denominator (log of strain ratios). A similar set of curves 
(not shown) for tandems was produced using "log of AASHTO 
LEF" in the numerator. The exponents, although positive 
numbers, were generally smaller than those based on cracking 
simply because the AASHO LEFs used were generally smaller 
than the cracking LEFs. 

For singles and tridems the AASHTO LEFs generally were 
larger (for intermediate loads) than cracking LEFs, and thus 
the exponents based on AASHTO LEFs were generally larger 
than those based on cracking LEFs. This analysis suggests 
that the magnitude, the behavior, and the type of LEF used 
in the numerator play a significant role in the power law 
formulation. 

Another equally important observation from Figure 14 
demonstrates the sensitive nature of the power law formu
lation, especially for winter and summer conditions. For all 
axle types and for all formulations (AASHTO or cracking), 
the exponent at the intermediate load level is higher for the 
warmer seasons. This higher value is directly attributable to 
the magnitude of the strain ratios used in Equation 10 (the 
LEF in the numerator as defined for each load is an average 
value over all seasons). Thus the strain ratios in the warmer 
seasons (at intermediate load levels) are significantly smaller 
than the strain ratios in the colder seasons. This occurrence 
is a result of using linear elastic layer theory when the contact 
radius is increased (if contact pressure remains constant) as 
load is increased. Had contact pressure been increased and 
contact radius been held constant as load was increased, then 
the large differences between winter and summer strain ratios 
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would have been negligible. Since contact radius does, in fact, 
increase with increasing axle load , there is justification for 
developing seasonal LEFs. 

Deflection Based-The exponential relationship between 
VESYS predictions of deflections and AASHTO LEFs was 
calculated similarly as for strain analysis. Tridem axle expo
nents for winter and summer seasons are plotted in Figure 
15. Here the exponents are well-behaved, exhibiting values 
over all load levels between 3.5 and 4; in addition, there is 
little evidence of any seasonal effects on the exponents. Sim
ilar curves were obtained for single and tridems. 

When rutting LEFs are used in the numerator of Equation 
10, very erratic but not invalid curves are obtained. Tandem 
exponents are shown plotted in Figure 16. A similar reasoning 
as applied in the strain ratio analysis is also valid here. When 
the LEF in the numerator is close to one, the exponent 
approaches zero. This erratic behavior is solely caused by the 
environmentally induced stepwise behavior of the rutting LEFs 
shown in Figure 11. Again this illustrates the major effect 
that traffic rate and seasonal material property changes have 
on establishing levels of axle equivalency. 

CONCLUSIONS AND RECOMMEND A TIO NS 

• The good agreement between VESYS-5 predictions of 
rutting, cracking, and PSI with measured values at the AASHO 
Road Test is justification for using VESYS to conduct extended 
road tests and analyses. The good agreement also justifies the 
internal calibration methodology applied for the calibration . 

• The steering axles at the AASHO Road Test had virtually 
no influence on pavement response. Therefore, the fact that 
they were neglected in the development of the AASHTO load 
equivalence factor equations is appropriate. 

• The relationship between seasonal material properties and 
traffic rate can significantly influence load equivalence fac
tors. To establish load equivalencies that are representative 
of the entire range of seasons, traffic rates should be adjusted 
so that damage occurs at a fairly constanrrate throughout the 
test period. To achieve a more accurate estimation of the 
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FIGURE 14 Strain-based LEF exponents: tandems (based on cracking 
LEF). 
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FIGURE 15 Deflect-based LEF exponents: tridems (based on AASHO 
LEF). 

relative damage caused by various vehicle types, seasonal load 
equivalence factors should be considered. If traffic at the 
AASHO Road Test had been adjusted so that all sections 
lasted throughout the test period, the resulting load equiva
lence factors may have been different. This information is 
particularly important in light of the fact that the failure rate 
of sections subjected to lighter loads was considerably higher 
than the failure rate of sections subjected to heavier loads. 

• Ratios of strains and deflections raised to an exponent 
can be used to determine load equivalence factors. The expo
nents based on strain vary with season; exponents based on 
deflection are similar for all seasons. The logarithmic power 
law expression is sensitive to the type, shape, and magnitude 
of the LEF used in the numerator. 

Further study of the relative damage caused by the various 
vehicle types should use "computer test road" simulations to 
verify the 

• Feasibility of using entire vehicle equivalencies, 
•Effect of traffic rate on the AASHO LEF, 
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•Feasibility of seasonal load equivalence factors, and 
• Feasibility of using primary response as a measure of 

vehicle damaging effects. 
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