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Impact Effects on Pipelines Beneath

Railroads

HARRY E. STEWART AND MicHAEL T. BEHN

Design methods being developed for uncased crossings of high-
pressure gas pipelines use impact factors to account for the in-
crease in live load response due to the effects of vehicle speed,
track stiffness, vehicle suspension characteristics, or irregularities
in the running surface. Field experiments to measure impact ef-
fects were conducted on an instrumented pipeline 36 in. (914
mm) in diameter buried 5.75 ft (1.75 m) below the Facility for
Accelerated Service Testing track at the Transportation Test Cen-
ter in Pueblo, Colorado. Ranges of vehicle speeds and surface
geometry conditions were investigated, and impact factors based
on measured pipeline strains were determined. The results in-
dicated that train speeds of 5 to 40 mph (8 to 64 km/hr) had a
relatively minor influence on impact response, whereas changes
in surface geometry resulted in a range of dynamic pipeline strains,
with the maximum values nearly 1.6 times larger than previously
recorded under baseline operating conditions.

When high-pressure gas pipelines cross beneath railroads, the
owner of the railroad generally requires that the carrier pipe-
line be installed within a metallic casing. The main design
criterion for the cased carrier is that the circumferential (hoop)
stress due to internal pressurization be less than some per-
centage of the specified minimum yield strength. The allow-
able percentage is based on the population density in the
vicinity of the pipeline, the type of pipeline welds, and the
operating temperature. Because the casing is designed to carry
the earth and live loads, the carrier design for cased pipelines
is unaffected by additional live load effects due to impacts at
the surface.

Research focused on the development of design procedures
for uncased gas pipelines is under way. Uncased pipelines
must be designed to withstand live load stresses imposed by
vehicular traffic as well as stresses due to internal pressure
and earth load. Rational methods to account for impact forces
are an important part of design procedures.

Two instrumented high-pressure steel pipelines were in-
stalled without casings, using auger boring methods, at the
Transportation Test Center (TTC) in Pueblo, Colorado. Field
experiments were conducted to measure pipeline response to
train loading. The effects of vehicle speed, internal pressure,
and time since pipeline installation were investigated during
a 2-year period. Figure 1 shows profiles of the two pipelines.
The pipeline 12 in. (305 mm) in diameter has a wall thickness
of 0.25 in. (6.4 mm) and a specified minimum yield strength
of 42,000 psi (290 MPa). The pipeline 36 in. (914 mm) in
diameter has a wall thickness of 0.61 in. (15.5 mm) and a
specified minimum yield strength of 60,000 psi (414 MPa).

School of Civil and Environmental Engineering, Cornell University,
Ithaca, N.Y. 14853-3501.

The depth from the top of the railroad crossties to the crown
of both pipes at the track centerline is 5.75 ft (1.75 m).

Both pipelines were instrumented before field installation.
Instrumentation consisted of strain gauges, both internal and
external, on the pipes, accelerometers, pressure transducers,
and temperature sensors. Strain gauges also were mounted
on the rails directly above the pipes to measure the applied
wheel loads. The strain gauges on the pipes were oriented to
measure both circumferential and longitudinal strains at the
inside and outside crown, springlines, and invert. The loca-
tions of the instrument stations are shown in Figure 1 as solid
circles. The gauge locations correspond to locations on the
pipelines directly beneath the outside rail, track centerline,
inside rail, and other locations along the pipe’s long axis
sufficient to measure the distribution of strains along the
pipeline.

Testing of the pipelines began in July 1988. Measurements
were made at 4- to 6-month intervals through the spring of
1990. Although measurements of live load response were re-
corded for both pipes, special impact testing was conducted
only with the 36-in. (914-mm) pipeline. The remaining dis-
cussion focuses on the 36-in. (914-mm) pipeline data.

BASELINE TESTING

Field data were measured for a range of train speeds and
internal pressures from the summer of 1988 through the spring
of 1990. After the installation of the 36-in. (914-mm) pipeline,
the annulus left by the 1.5-in. (38-mm) auger overbore re-
mained partially open and did not collapse fully. The resulting
pipeline strains were small, because contact between the pipe
and the soil was limited. To replicate long-term loading con-
ditions, the remaining annulus around the pipe was injected
with a slurry of native sand and water in May 1989. Field data
indicated that the annulus had collapsed partially between
July 1988 and May 1989, and strains had been increasing. The
decision to fill the annulus and increase live load transfer was
necessary, because long-term response was desired and the
field testing program had a duration of 2 years. There is little
doubt that, given several years, the annulus would have col-
lapsed fully because of repeated traffic. Between May and
June 1989, the field measurements increased and stabilized
at a consistent level. Measurements in July 1989 confirmed
that the annulus around the pipeline was in a steady-state
condition.

Figure 2 shows the longitudinal pipeline strains at the crown
and invert of the 36-in. pipe measured in May 1989 before
the annulus was filled, in May 1989 just after the annulus was
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FIGURE 2 Changes in longitudinal strains at
crown and invert over time.

injected with the native sand and water slurry, in June 1989,
and in July 1989. (Distance 0 corresponds to the track cen-
terline.) The rail surface at this time was level, without ir-
regularities. Train loading was generated by slowly rolling
loaded freight cars weighing 315,000 b (1400 kN), producing
39.4-kip (175-kN) wheel loads. The freight cars are referred

to as 125-ton cars and are representative of the heavy loadings
anticipated in the near future on U.S. revenue lines. As shown
in Figure 2, the strains before the annulus was filled were
substantially smaller than those after the annulus was filled
in May 1989. Strain decreased from May 1989 to June 1989,
as any locked-in injection pressures dissipated. The June 1989
and July 1989 data indicate that the contact conditions be-
tween the pipe and soil had stabilized and were taken to
represent the long-term condition. The relative changes in
pipe strain from May 1989 to July 1989 shown in Figure 2 are
representative of the changes of circumferential strain at the
pipe crown, invert, and springline over time.

Train speeds above the instrumented pipeline were varied
from a slow roll of roughly 5 mph (8 km/hr) to 40 mph (64
km/hr). The upper limit was based on the maximum speed
that the train could achieve through the test section. Figure
3 shows dynamic longitudinal strains at the crown and invert
of the 36-in. (914-mm) pipe, at the gauge station directly
below the centerline of the track. 'I'he data indicate that at
the pipeline depth of 5.75 ft (1.75 m), there was no measurable
effect of train speed for the baseline field condition, without
surface irregularities. Thus, for the normal track conditions
at the Facility for Accelerated Service Testing (FAST) track
at TTC, impacts were not measured.

Figure 4 shows the dynamic wheel loads measured using
the strain gauge instrumentation installed on the rails directly
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FIGURE 4 Dynamic wheel loads and longitudinal
strains at invert for train speed of 30 mph.

above the pipeline for a train speed of 30 mph (48 km/hr) and
the corresponding longitudinal strains at the pipe invert be-
neath the track centerline. The train used for this data run
consisted of one locomotive and five freight cars. There is
some variation in the dynamic wheel loads from the freight
cars. The dynamic loads are approximately 40 + 4 kips (178
+ 18 kN). The nominal static wheel load for the freight cars
was 39.4 kips (175 kN). This indicates that at 30 mph (48 km/
hr), the surface impact factor is 1.0 = 0.1. Figure 4 also shows
that four axles result in a single stress pulse at the pipeline
depth.

IMPACT FACTORS

Design methods for pipelines subjected to traffic loads gen-
erally use some factor to account for the increase in live load-
ing effects due to vehicle dynamics and the quality of the
running surface. For railroad loadings on buried pipelines,
two approaches are often used. The first is to use an impact
factor as a multiplier of the static wheel load and calculate
pipe response on the basis of the increased surface loading.
This approach is also used for conventional track design, and
several methods are available for estimating the surface im-
pact factor. Typical methods are based on a combination of
vehicle speed, wheel diameter, track stiffness, track quality,
and unsprung mass of the wheel sets (/—6). In general, these
methods predict surface impact factors on the order of 1.3 to
1.6 for track in good condition at vehicle speeds from 5 to 40
mph (8 to 64 km/hr). Impact factors based on these methods
increase to approximately 2.0 to 2.5 at high train speeds for
track in poor condition.

The second approach for impact loadings, which is more
common for pipeline design, is to predict stresses within the
soil mass that are based on a nominal design wheel load and

then to increase the predicted stresses by a factor that is
greater than unity at the surface and that decreases with depth.
This method accounts for the attenuation of dynamic stresses
with increasing depth. The two most common formulations
for this variable depth impact factor are those recommended
by the American Society of Civil Engineers (ASCE) (7) and
the American Petroleum Institute (API) (§). The impact fac-
tor recomm. .1ded in the ASCE method equals 1.5 between
0 and 5 ft (0 and 1.5 m), decreases linearly to 1.0 at a depth
of 22 ft (6.7 m), and remains constant below that depth. The
API impact factor is 1.75 between 0 and 5 ft (0 and 1.5 m)
and decreases linearly by 0.03/ft (0.01/m) between S and 30
ft (1.5 and 9.1 m). Below 30 ft (9.1 m), the API method uses
an impact factor of 1.0.

IMPACT TESTING

The observation that negligible speed-induced impacts oc-
curred through the test section is consistent with wheel load
data reported previously for FAST (9), in that only a small
percentage of wheel loads at the well-maintained FAST track
were significantly larger than the nominal static values.

Because the primary purpose of the field experiments was
to provide data to substantiate a pipeline design procedure,
it was important to replicate typical field conditions and to
generate realistic upper bound loading conditions. Project
advisors from the gas and railroad industries, the Association
of American Railroads, and the American Railway Engi-
neering Association also were concerned that the loading con-
ditions at FAST might not represent those of revenue lines,
because the track maintenance standards are high, and irreg-
ular train wheels are removed when they are detected. Thus,
a series of impact tests intended to cause increased dynamic
loadings representative of lesser-quality track was initiated.
In addition, impact loading measurements could be used to
substantiate current impact formulations used commonly in
pipeline design.

Impact testing consisted of progressively degrading the track
quality above the pipeline and operating the train at a range
of speeds. The degradation procedure included installing a
rail joint directly above the pipeline. The installation of the
joint required removal of the wheel load detection circuits.
Wood shims were placed between the top of the ties and tie
plates at both rails over a distance of roughly 80 ft (24.4 m),
so that a uniform rail raise of 3 in. (76 mm) was achieved
over the central 30 ft (9.1 m). The wood shims over the central
portion of the elevated track were removed in stages beneath
the inside rail to produce a dip in one rail and a cross-level
variance of up to 3 in. (76.2 mm) between the inside and
outside rail. The joint at the rail above the pipeline also could
be adjusted to produce either a tight joint or a pulled joint.
The gap caused by the pulled joint was approximately 0.8 in.
(20.3 mm). In addition, the end of the upstream rail at the
joint was progressively ground to simulate a battered joint.
The mismatch ranged from 0 to approximately 0.3 in. (7.6
mm) and was increased with increasing cross-level variances.
The test conditions were selected to correlate with track class
designations specified by the Federal Railroad Administration
(FRA) (10) so that the track irregularities could be related
to revenue track conditions at other sites.



Eight test steps were investigated, for FRA Class 6+ stan-
dards down to FRA Class 1 standards. For each test step,
train speeds were varied from a slow roll to the maximum
permissible or safe train speed, with both a tight and a pulled
rail joint. Table 1 summarizes the impact test conditions along
with the associated FRA class limits for cross-level and rail
mismatch. The maximum joint gaps are also given in Table 1.
The joints for the tight joint conditions were made as close
as possible, not exceeding Y6 in. (1.6 mm).

Figure 5-shows the measured cross-level variances between
the outside and inside rail variances versus tie number for the
test steps given in Table 1. Shims were removed from the
inside rail, which caused the dip in the rail profile shown. The
test pipeline was located beneath Tie 53, corresponding to
the center of the rail dip and maximum cross-level variance.

Test Step 1 represents the nominally smooth track that had
been shimmed to provide a uniform 3-in. (76-mm) raise through
the test section. A slow roll of the train through the test section
indicated that the installation of the shims and rail joint did
not cause a change in the strains measured in the 36-in.
(914-mm) pipeline from those recorded during the baseline
measurements. Thus, the slow roll at Test Step 1 was rep-
resentative of the baseline test conditions. Impact testing pro-
ceeded for each test step by increasing the train speeds from
S mph (8 km/hr) up to the maximum attainable speeds given
in Table 1 with the rail joint tight, and then repeating the
speed sequence with a pulled joint. After the completion of
a test step, the shims were removed as necessary, and the rail
was ground to the rail mismatches given in Table 1.

Figure 6 shows the variation in dynamic strains in the pipe
beneath the track from Test Step 5b for several important
pipeline locations. Figure 6 indicates that strain increases only
slightly as speeds increase from 5 to 40 mph (8 to 64 km/hr).
There is a slight subpeak in the dynamic strains near 20 mph
(32 km/hr), which corresponds to a resonant effect that fre-
quently has been observed in other testing at TTC using
39-ft (11.8-m) jointed rail sections and trains traveling at 18 mph
(29 km/hr). Also, the longitudinal strains are not symmelrical
about the unrestrained pipe’s neutral axis. This trend is also
shown in Figure 2. The circumferential strains at the springline
have a greater absolute magnitude than at invert. This trend
was observed consistently in all of the experimental data.
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Impact factors for the field tests were defined as the ratio
of pipeline strain under impact conditions to the strain mea-
sured at the same gauge location from the baseline tests.
Table 2 gives the measured impact factors at three critical
pipeline locations. determined for the worst surface geometry
case and maximum attainable train speed. The impact factors

TABLE 1 SUMMARY OF IMPACT TEST CONDITIONS

Rail Mismatch Maximum
Test FRA Cross Level (in,) {in.) Joint
Step Class Speeds (mph) Test  FRA Max. Test  FRA Max. Gap (in.)
1 6+ 0 402 0.07 0.00 0.00 0.00 0.88
2 6 0 - 402 0.29 0.50 0.12 0.12 0.81
3 13 0 - 402 0.42 0.50 0,12 0.12 0.94
4 5 0 - 408 1.00 1.00 0,12 0.12 0.75
5a 4 0 - 402 1.38 1, 25 0.12 0.12 0.81
5b 3 0 - 408 1.58 1,75 0.19 0.19 0.75
6 2 0 - 25P 1.96 2.00 0.25 0.28 0.80
7 1 0 - 10b 3.18 3.00 0.28 0.25 0.75

a -

b - Maximum allowable for FRA Class

Maximum attainable at test section
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TABLE 2 IMPACT FACTORS FOR PULLED JOINT TEST CONDITIONS

Train Cross Rail Joint

Test Speed Level Mismatch Gap Impact Factor at Station?

Step (mph) (in.) (in.) (in.) Hoop, Inverc Hoop, Springline Longitudinal, Invert
1 40 0.07 0.00 0.88 1,30 (2) 113 «3) 1.12  (2)
2 40 0.29 0.12 0.81 1.32 (1) 1.19 (3) 1.10 (1)
3 40 0.42 0.12 0.94 1:22 (2) 1,201 (3) 1.12 (1)
4 40 1.00 0.12 0.75 L5 {2) 1.19 (3) 1.058 (2)
5a 40 1.38 0512 0.81 1.41 (2) L:12 (3 1,12 (1)
5b 40 1.58 0.19 0.75 1,52 (2) 1.25 (3) 1.38 «(1)
6 25 1.96 0.25 0.80 1.48 (3) 1.48 (3) 1.17 (1)
7 10 3.18 0.28 0.75 1,36 (1) 1,21 «3) 1.07 (L)

a - Numbers In parentheses refer to pipeline station:

from Test Steps 1 through 5a did not show a clear trend of
increasing with worsened track condition. Test Steps 5b through
7 had increased cross-level variance and rail mismatch, but
the maximum allowable test train speeds decreased from 40
mph (64 km/hr) to 10 mph (16 km/hr). The data given in
Table 2 suggest that larger impact factors would have been
achieved for Test Steps 6 and 7 if the train speeds had been
higher.

In general, Test Steps 5b and 6 resulted in the highest
measured impact factors. Figure 7 shows comparisons of the
pipeline strain from the impact tests with the strain from the
initial condition or baseline cases at the same gauge location.
Figure 7a shows data from Test Step 5b, and Figure 7b shows
data from Test Step 6. The strains at the inside invert, outside
crown, and outside springline are shown, using data taken
from all instrumented sections along the pipe, as shown in
Figure 1. As indicated in Figures 7a and 7b, impact factors
can be determined by the ratios of the impact strains to the
initial condition strains. There is a distribution of impact fac-
tors from roughly 0.8 to 1.6 for both test steps. Impact factors
of less than unity are possible due to wheel bounce, load
transfer between inside and outside rails, and dynamic inter-
action effects of the trains passing through the irregular track
section.

As described previously, both ASCE and API recommend
design impact factors dependent on depth below the track.
Figure 8 shows the design impact curves for ASCE and API,
along with the maximum impact factor determined from the
field testing. Although only one experimental pipeline depth
was investigated, the datum shown in Figure 8 suggests that
the ASCE recommendation may be unconservative. The field
testing had limitations on the maximum train speeds, partic-
ularly for the most severe geometric irregularities. Thus, it is
likely that greater impacts are possible with revenue train
speeds of up to 80 mph (129 km/hr). The API design curve
has an impact of 1.75 for the upper 5 ft (1.5 m), which is
larger than the maximum field test value of 1.6. Given that
higher impacts than measured during the field tests may be
possible, the API curve would be preferred for uncased pipe-
line design.
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SUMMARY

Field testing of live load response on well-maintained track
at TTC indicated that negligible dynamic impact effects oc-
curred during baseline field testing. In response to concerns
from the gas and railroad industries, and to replicate upper
bound conditions to the extent practically possible, a series
of special impact tests was conducted to investigate live load
response for changes in track quality consistent with FRA
class standards. Track quality was degraded progressively by
increasing the cross-level variance between the inside and
outside rails, producing a condition representative of a dipped
joint. Rail mismatch on the order of 0.25 in. (6.4 mm) was
included, along with a pulled joint producing a gap of ap-
proximately 0.8 in. (20.3 mm). Heavy-axle freight cars were
operated over an instrumented steel pipeline 36 in. (914 mm)
in diameter buried 5.75 ft (1.75 m) below the top of the tie.
Impact factors increased slightly with speed for each of the
test configurations. Impact factors based on pipeline strain
were measured and ranged from 0.8 to 1.6. On the basis of
the maximum measured impact factor of 1.6, and the consid-
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eration that higher impacts might have been developed had
higher test speeds been possible, the impact formulation given
by API is recommended for the design of uncased gas pipe-
lines crossing beneath railroads.
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Evaluation of Flexible Culvert Behavior

Davip C. CowHERD AND VLAD G. PERLEA

A method of evaluating flexible buried structures that have ex-
perienced some degree of flattening and of estimating the poten-
tial flattening of flexible structures is presented. The integrity of
flexible structures depends on maintaining their shape without
becoming too flat. If a flexible buried structure becomes too flat
on the top or sides, it experiences distress and might ultimately
collapse. A computer program, MULTSPAN, for evaluating the
degree of flatness on the basis of measurements of chords and
midordinates and for recommending remedial action for deflected
structures is described. The recommendations include no action,
lowering the load rating of the roadway, and closing the roadway
(or airfield, etc.) until further action is taken. A second program,
SOILEVAL, which predicts movement of a flexible buried struc-
ture, is presented. The program uses soil type to make projections
of movement. The average characteristics of seven soil types are
built into the program. It is possible to access the program using
standard penetration data or other information concerning the
degree of compaction. It is also possible to evaluate a flexible
structure that is deflected and to predict additional deflection.
Whether the ultimate deflection is likely to create collapse can
be determined from the evaluation. The program was calibrated
with actual data obtained from several deflected or collapsed
structures.

All flexible buried underground structures depend on the
backfill for varying degrees of their support. It is, therefore,
important that in the design and evaluation of such structures
the backfill be taken into account. In many applications these
structures are not periodically evaluated. Long-span struc-
tures under highways have been classified by AASHTO and
most states as bridge-type structures and are required to undergo
an annual inspection under a bridge inspection program. In
many cases these structures were inspected in much the same
way as a reinforced concrete or structural steel bridge, that
is, by evaluating the structural aspects alone. Specifically, the
pipes were analyzed for degree of rusting, missing bolts, torn
or damaged plates, and visual structural defects. Little atten-
tion was given to deflection of the structure. These types of
structures seldom fail because of structure inadequacy, but
rather because of excessive deflection resulting from consol-
idation of backfill or soil outside the backfill envelope. As
the structure applies stress to the soil, the soil consolidates
by an amount dependent on compaction and allows the sides
of the structure to move outward. As the sides move outward,
the top moves down. As the top approaches flatness, it no
longer maintains its arch structure and is no longer capable
of supporting the load above it. At some point, if reverse
curvature occurs, the structure collapses.

In most cases, even in evaluations that took shape into
account, there were no criteria to determine when the struc-
ture shape was becoming too flat. Many times this deter-

Bowser-Morner Associates, Inc., 4518 Taylorsville Road, P.O. Box
51, Dayton, Ohio 45401-0051.

mination was made on a strictly visual basis. A system for
evaluating the flatness of such structures and making rec-
ommendations for remedial action based on deflection is
needed. A simple method of predicting potential movement
of a structure that is deflected is also needed. Two programs
for accomplishing these objectives have been developed. They
are MULTSPAN, which evaluates the degree of flatness, and
SOILEVAL, which predicts soil movements on the basis of
simplified soils information.

MULTSPAN is used to evaluate the current safety of a
structure, whereas SOILEV AL is used to evaluate how much
additional movement a structure can be expected to undergo.
MULTSPAN uses the measurements of chords and midor-
dinates and compares the measurements with design or pre-
vious measurements.

MULTSPAN MODEL

The MULTSPAN analysis provides recommendations for re-
medial action on the basis of the degree of flatness of top arcs
within the structure. Most of these structures are various por-
tions of circles. It is reasonably simple to measure chords and
midordinates and compare them with design values. Design
values for various types of structures are built into the
MULTSPAN program, or other values can be input. The
program compares the measured values with the design values
(or with measured values from previous inspection) and cal-
culates the deflection as a percentage of midordinate change.
Figure 1 shows a typical arch structure and the measurements
that are made with such a structure.

The measurements are entered into MULTSPAN, and the
degree of flatness, defined as a percentage change of the
midordinate, is computed. To project the appropriate re-
medial action, data concerning the actual behavior of ap-
proximately 100 corrugated metal structures in Ohio and ob-
servations of several failures were examined and statistically
processed (7). Table 1 gives the recommendations for various
degrees of deflection of top midordinates.

The behavior of a flexible structure is less sensitive to changes
in shape of the sides, corners, or bottom. However, large side
or corner deformations (increases or decreases in side or cor-
ner midordinates) have been found to be harmful to overall
stability. The criteria in Table 2 are suggested and have been
implemented in MULTSPAN for the evaluation of side or
corner changes in shape.

SOILEVAL MODEL

The SOILEVAL program was developed to evaluate the po-
tential for continued movement of a structure and to predict
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FIGURE 1 Typical measurements for a
pipe-arch structure. (A through R
represent dimensions to be monitored.)

a general time frame for the movement. The model is based
on classical soil mechanics theory and was calibrated with
actual field cases. An attempt was made to use simplified data
for input to allow the program to be useful to field personnel.
It is possible to use the program to evaluate an existing struc-
ture or as a design tool to evaluate the type, required width,

TABLE 1 PERCENT TOP MIDORDINATE (K, L, OR M)
REDUCTION AND REMEDIAL ACTION

op Mid-Ordinate

<15 Any No action required.

15-20 Over 6.0 No action required.

15-20 Under 6.0 Monitor on 6-month interval,

20-25 Over 6.0 Reduce legal load to 90% of
H-20 and menitor on 6-month
intervals.

20-25 Under 6.0 Reduce legal load 10 75% of
H-20 and monitor on 6-month
intervals.

25-30 Over 6.0 Reduce load to 75% of H-20
and monitor on 6-month
intervals.

25-130 3.0-60 Reduce load 10 50% of H-20
and monitor on 6-month
intervals,

25-30 Under 3.0 Reduce load to 50% of H-20
and do detailed analysis based
on borings.

>30 Any Close road until detailed

analysis is done.

TABLE 2 PERCENT SIDE OR CORNER MIDORDINATE
CHANGE (P AND Q IN EXAMPLE IN FIGURE 1) AND
RECOMMENDED REMEDIAL ACTION

Side or Comer Mid-Ordinate
. i e Acti

<30 Any ~ No action required
30-60 Any Monitor on 6 - month
interval
>60 Under 3.0 Reduce load to 50% of H-
20 and perform detailed
analysis, including soil
borings
>60 Over 3.0 Close road until detailed
analysis is done
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and degree of compaction of the select backfill and the original
soil.

Background

The deflection of a buried flexible structure can be predicted
in accordance with the classical formula for evaluation of
strain or deformation of a structural member (strain = stress/
modulus of elasticity) (2). The equation for deflection of a
flexible structure supported by backfill takes the following
conceptual form:

y load on structure
Structure deflection = = — @)
structure stiffness + soil stiffness

Several theories to evaluate the structure-soil interaction
have been proposed. Most theories for structure-soil inter-
action use some form of this equation.

lowa Formula

The formula recommended by Watkins and Spangler (3) for
predicting deflections of buried flexible pipe is

D'KW r?
Ax = e 2
¥ 7L+ 0061E @
where
Ax = horizontal deflection of the pipe (in.), considered the

same as the vertical deflection;
D' = deflection lag factor, normally taken as 1;
K = a bedding constant with values between 0.08 and
0.11, depending on the bedding condition;
W, = vertical load per unit length acting on the top of the
pipe (Ib/in.);
r = mean radius of the pipe (in.);
E = modulus of elasticity of the pipe material (Ib/in.?);
I = moment of inertia per unit length of cross section of
the pipe wall (in.%in.); and
E’" = modulus of soil reaction (Ib/in.?).

The use of this formula is recommended as part of the
design process for corrugated metal pipes (4), smooth steel
pipes (5), polyethylene pipes (6), polyvinyl chloride pipes (7).
fiberglass pipes (8), and generally for all buried flexible struc-
tures. Although it is confirmed that E’ is not a constant but
varies with depth of installation (9), the values suggested by
Howard (2) are extensively used.

Other Proposed Models

Watkins et al. (6) summarized a number of proposed varia-
tions of the classical lowa formula and found that all of them
can be represented by a simple relationship:

€, (2r)

A = AT BEIESR) ®)
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where
e, = P/E, = vertical soil strain (soil deformation),
P = W/(2r) = vertical nominal pressure acting on
top of pipe (Ib/in.?),
E, = soil stiffness (Ib/in.?), and

A and B = empirical constants.

It was found from field tests that much of the deformation
process takes place as the backfill is being placed, so for pipe
deflection calculations a short-term modulus should be used.
However, there may be continued deformation with time be-
cause of consolidation of the sidefill (especially with cohesive
backfills), so that usually ultimate soil settlement should be
included in ¢, (6).

Several procedures for flexible pipe deformation evaluation
have been developed using finite-element methods. CANDE
(Culvert Analysis, Design) is a Federal Highway Adminis-
tration—sponsored computer program by Katona et al. (10).
Three levels of sophistication are available. Level 1 is based
on a closed-form elasticity solution, whereas Levels 2 and 3
are based on the finite element method. The soil-culvert in-
teraction design method by Duncan (1) uses design graphs
and formulas based on finite-element analysis. In the program
SSCOMP, Seed and Duncan (/2) use nonlinear finite-element
analysis to model soil-structure interaction, taking into ac-
count the layerwise placement of backfill and the nonlinear
stress-strain soil behavior.

The finite-element evaluations are beyond most field per-
sonnel. A simplified model for a rough evaluation of flexible
buried structures that could be easily used in routine evalu-
ation of existing structures and preliminary design of new
structures was desirable. The SOILEVAL model was devel-
oped to provide this simplified model. The SOILEVAL model
presented in this paper uses the classical theories of soil com-
pressibility and settlement of shallow foundations. However,
some coefficients were empirically obtained by statistical pro-
cessing of field measurements.

Specifics of SOILEVAL Model

The form of the equation used in SOILEVAL to evaluate
soil-structure interaction is

A AW SF

& = Eirs + BE

< Fs AW SF 4

where

Ay = maximum expected deflection at the crown of
the structure (in.);

AW = potential horizontal movement of one side of
the structure due to compression of both back-
fill and original soil under the stress generated
by the pipe (in.);

SF = shape factor, defined as the ratio between the
vertical displacement of the structure at the
crown and the corresponding maximum move-
ment on one side of the structure;

r, = average radius of the structure (in.), equal to
(span + rise)/4;

A and B

empirical coefficients statistically determined
from field measurements; and

Fs = factor of safety to take into account the vari-
ability of soil properties, equal to 1.5.

All other parameters are as defined previously.
SOILEVAL incorporates the following characteristics of
soil-structure interaction:

1. The compressibility index, coefficient of pressure at rest,
initial void ratio, relative density, or degree of compaction of
the soil supporting the structure are used in calculations in-
stead of special defined characteristics (deformation lag factor
or modulus of soil reaction).

2. Both the backfill and the original soil are considered to
interact with the structure, up to a distance of about 2.5 times
the rise of the structure laterally from the pipe wall.

3. The pipe stiffness is taken into account when it is large
enough to provide resistance to deformation. However, for
very flexible pipes, 150 percent of the average potential de-
formation of the surrounding soil is used to determine the
maximum expected pipe deflection because of the potential
variability of the soil properties.

4. A shape factor that represents the ratio between the
decrease in rise and the corresponding lateral displacement
on one side of the pipe is defined; the factor depends on the
shape and dimensions of the pipe structure.

How each parameter is determined in the SOILEVAL model
is described as follows.

Potential Horizontal Movement due to Soil
Compressibility (AW)

Classical theory of settlement for shallow foundations has
been used for calculating the potential horizontal movement.
The fill at the side of the structure is considered as a soil
column, loaded by the pressure created by the structure onto
the fill (I3). Figure 2 explains the meaning of the notation
used.

The potential horizontal displacement of the structure due
to soil compressibility (without any restriction due to structure
stiffness) is obtained by summing the displacements calculated
for each incremental layer on one side of the pipe. In a manner

L 2F
BY. | —
F Py Select Original Soil
Backdill
T o7 _: Limit of Excavation
Initial Shape pv'
Final Shape
R
(Initial Rise)
KePy
- ] ‘ Distance From Pipa
P =P/t
h t
e Supposed Dislribution of

Additional Horizontal Stress
FIGURE 2 Pipe-soil interaction.
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similar to the calculation of shallow foundation settlement,
the summation is extended to a distance at which the addi-
tional stress in the soil generated by the pipe is less than 20
percent of the horizontal stress corresponding to the over-
burden pressure or to a maximum distance of 2.5 times the
rise dimension, whichever is less. The following equations are
used:

AW = 3[W Ae/(1 + e,)] 5)
K, P, + abF;

- o0 v i 6
Ae = C,log __—KJ’L (6)
@ = 10(-045 @Ry ()
Ph: Pvrl/rx (8)
where

W = initial width of an incremental layer (in.);

Ae = potential decrease in void ratio;

e, = initial void ratio, not affected by the supplementary
pressure induced by the structure;

C. = compression index of the soil (backfill or original soil
beyond the backfill);

K, = the coefficient of earth pressure at rest;

P, = the effective overburden pressure at the level of cal-

culation (i.e., approximately in the middle of the loaded

area by the structure) (Ib/in.?);

the influence of coefficient at a distance d (in.) from

the structure corresponding to the middle of a given

incremental layer (this parameter gives a variation of
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stresses close to the Boussinesq distribution for a

trapezoidal loading);

the supplementary pressure on the side plates of the

structure induced by the downward movement of the

structure’s crown (l1b/in.?);

P, = the total vertical pressure due to the soil dead load
on the top of the structure, considered approximately
equal to the product of the unit weight of the backfill
and the depth of cover (1b/in.?);

R = rise of the structure (in.);
r, = top radius of the structure (in.); and
r, = side radius of the structure (in.).

A number of soil properties must be measured or estimated,
both for the backfill or the original soil, including e, C,, K,,
and unit weight. The SOILEVAL model gives the option of
entering them as input data or estimating them on the basis
of various levels of knowledge of soil condition.

Potential backfill and original soils were divided into seven
categories, and the geotechnical parameters were estimated
for each category. These parameters versus soil type have
been built into the SOILEVAL program so that by choosing
a soil category on the basis of simplified soils data, the ap-
propriate geotechnical indexes are automatically used. If more
precise data are available, the program allows direct input of
the soil parameters. Table 3 gives the soil categories and the
corresponding C, values built into the model. The values are
based on well-documented case histories and information given
elsewhere (14-18).

The relative degree of compaction of the backfill (stiffness
or hardness of original soil) is necessary for an evaluation of
the potential movement of a structure. The SOILEVAL model

TABLE 3 COMPRESSIBILITY INDEX VALUES

C¢ Values ror:

LOOSE/SOFT DENSE/STIFF
EINES MATERIAL, MEDIUM MATERIAL
CATEGORY ASTM D- (% < #200 (Ceow) (Ccaav) (Ceb)
OF SOIL TYPE OF SOIL 2487 CLASS _ SIEVE)
I Gravel GW,GP <12 0.03 0.01 0.003
o Silly/Clayey Gravel GM,GC 12-50 0.05 0,02 0.008
m Well-Graded Sand Sw <i2 0.06 0,02 0.007
v Poorly-Graded Sand SP <12 0.05 0.03 0.018
v Silty/Clayey Sand SM,SC 12-20 0.06 0.03 0.015
20.1 -30* 0.16 0.08 0.040
30.1- 50 0.33 0.17 0.088
VI Silly Soils ML,MH >50 - 0.007 (W-10) L
(max 0.40) but min 0.05 (min 0.025)
and max 0.20
v Clayey Soils CL,CH >50 L 0.007 (Wp-10) e
(max 0.80) but min 0.10 (min 0.050)

NOTES: W/, is the liquid limit of the soil

* Default value is 30 when grain size distribution is not given

** Cew =2 Ceav

**% Ce,b = (Ceoav)? / Ceow = 0.5 Cerav

If W, is unknown, default values are used, which give:

Ce,av = 0.10 for Category VI soil

Cc,av = 0.18 for Category VII-a soil (lean clay)
Cc,av = 0.35 for Category VII-b soil (fat clay)
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provides three approaches to estimating the average degree
of compaction (denseness or hardness) of soils:

e Standard penetration test results,

e Direct measurements of soil density and moisture con-
tent, and

e Design requirements or inspection records that give the
degree of compaction.

A parameter that is a measure of relative density, degree
of compaction or stiffness, has been developed to allow a
selection of soil parameters on the basis of the stiffness of the
backfill. Figure 3 shows a relationship between various criteria
that can be used in SOILEVAL for defining the denseness
or the stiffness of the soil.

When the standard penetration test is used to characterize
the soil condition, the equations in Table 4 are considered in
the SOILEVAL program. The formulas in Table 4 are based
on relationships suggested in literature (19-22). The equa-
tions shown in Table 4 have been built into the model to
calculate P when the D, and average standard penetration
value N of the backfill are known.

The parameters e, and K, may be directly input into the
model, if known. If they are not known, the model provides
a value based on soil category and standard penetration values
(or other parameters that given an estimate of the degree of
compaction) as shown in Table 5.

Shape Factor

The shape factor establishes a relationship between move-
ment of the crown and the movement of the sides of the
structure. It is defined as the ratio between the decrease in
rise (Ay) and the corresponding increase in half-span (or in
half-chord at the midheight of the rise in the case of circular
arches, where the span is measured at the foundation level).
Simple geometrical relationships have been derived by con-

Modified Proctor
Relative
Compaction (%)
ASTM D-1557-78

Relative

Density (%)
dense/stiff D ecemomes R &5 ]
material T 60\5
180 3¢®
75 4=—
+60

medium 50 + =—— medium — = |

+40

25 ‘"ﬁ! —_—
| +20 o%

loose/soft T ‘?o,(

material & mmmsmeaa —
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sidering small but finite deformations of the pipe when chord
length may be considered a constant. The relationships are
given in Table 6. A factor of 0.84 was derived empirically to
correct the theoretical formula for small pipe-arches on the
basis of statistical processing of more than 300 field measurements.

Empirical Constants A and B

The parameters A and B in Equation 4 were statistically de-
termined from field measurements. Nine carefully monitored
case histories were used to estimate these values. Table 7
gives the characteristics of the structures considered in the
calibration.

The best fit between the measured settlements at the crown
and the computed values was found for A = 3.6 psi and
B = 0.0015. The graph in Figure 4 is drawn for the best fit
so obtained.

Applicability of SOILEVAL Model

Equation 4 evaluates the deflection at the crown on the basis
of three main parameters: (@) potential movement due to soil
compressibility, (b) pipe stiffness, and (c) soil stiffness. There-
fore, although the calibration is based exclusively on corru-
gated metal structure case histories, it is believed the model
can be used for materials other than steel as well.

Case histories of pipes other than steel were not available
in the literature; however, data in the literature were used to
verify the applicability of the SOILEVAL model to nonme-
talic structures.

Truss Pipe (23) makes available the results of deflection
measurements on about 140 thermoplastic composite pipes
used for gravity-flow sanitary sewer systems. The pipes consist
of a double-wall system, with concentric inner and outer walls
braced by a truss-type structure. The walls and the truss struc-

Approximate
Correspondence
with Standard
Proctor Relative
Compaction (%)

D-698-78
“100 T ; BOfL
L1o0 — IV
N /”_,——}l&m
-95 S amr i
9.',"/ N ></ 110
1
Iy
L 90 \I.l \ \
o N \ 105
\ 1l
| 85 "\' \ 100
i
55 \: N \
i 95
80 Fe
1
N ;\5\\ \ 90
10 20 30 40 50
(OB LESS) (o= MoEE)

LQUTD LIMIT (X)
SOIL CATEGORIRS V¥, YL VI

FIGURE 3 Approximate comparison between various estimates of

denseness or stiffness.
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TABLE 4 RELATIVE DENSITY/CONSISTENCY PARAMETER (P) FOR
VARIOUS SOIL TYPES

SOIL

CATEGORY  Dsg (mm)

AVERAGE P:IfP>75use P=75

If P<25,use P=25

I 12.5 43 x log [96.56 x N x D5g0-284 x (ov')-0.56]
II 1.0 43 x log [72.42 x N x D5(~0-284 x (gv')-0.56]
I 0.5 43 x log [65.19 x N x Ds5p0-284 x (gv')-0.56]
v 0.3 43 x log [60.36 x N x Ds(0-284 x (gv')-0.56]
v 0.15 43 x log [54.32 x N x D5(~0284 x (gv")-0.56]
VI 0.023 43 x log [36.21 x N x D5-0-284  (gv')-0.56]
VI 0.007 43 x log [24.14 x N x D5~0-284 x (gv')-0.56]
Where:
P = aparameter which is used in the same manner as the relative density
for estimation of the compressibility index

N = blows per foot in Standard Penetration Test
D50 = mean diameter of soil particles (mm)

ov' = effective overburden pressure at the test location (psf)

TABLE 5 INITIAL VOID RATIO FOR VARIOUS SOIL TYPES

ANDARD

Ko FOR:

SOIL TYPE OF ASTM D-2487  PENETRATION VOID
CATEGORY SOIL CLASS BLOW COUNT,N RATIO, eo BACKFILL SOIL
1&10 Gravels GW,GP <10 0.6 0.4 0.4
GM,GC 11-30 0.5 0.5 0.45
231 0.4 0.6 0.5
m&IV Sands SW,SpP <10 0.7 0.4 0.4
11-30 0.55 0.5 0.45
231 0.4 0.6 0.5

v Silty/Clayey SM,SC <10 0.8
Sand 11-30 0.6 0.6 0.5

231 0.45

Vi Silty Soils ML,MH <5 0.9
6-15 0.7 0.6 0.5

216 0.5

Vil-a Clayey Soils, CL &5 1.0
WL <50 6-10 0.8 0.7 0.6

(Lean) 211 0.6

VI-b Clayey Soils, CH <5 1.6
WL 250 6-10 1.1 0.7 0.6

(Fat) 211 0.7

ture are formed of a single thermoplastic extrusion of either
polyvinyl chloride or acrylonitrile butadiene styrene. The
composite pipe stiffness defined by the ratio EI/* is about 30
psi.

Although little information was available about the backfill
soil condition, the trench dimensions, the degree of compac-
tion, or the soil beyond the backfill, an estimate of the de-
flection using SOILEVAL was possible. The agreement be-

tween calculated and measured data was considered satisfactory
(24).

Twenty-eight case histories of high-density polyethylene pipes
reported by Chua and Petroff (25) were also evaluated. In
almost all cases the predicted maximum deflections after com-
plete consolidation of the soil were slightly greater than the
maximum observed deflections, which also supports the va-
lidity of the model in these conditions (26).
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TABLE 6 SUMMARY OF SHAPE FACTORS FOR VARIOUS

TYPES OF PIPES

RANGE, (AVERAGE VALUE)

PIPE SHAPE CHARACTERISTICS __ SHAPE FACTOR __FOR ARMCO/AISI PIPES
Roundpipe §=R 2.0 2.0)
. S
Superspan Pipearch  $>20Feet 0.5 (R_RT &= 2.97-490 (4.0)
Small Pipe-Arch s<aoreer 05 (33 L 253399 (3.3)
S .8
RT>R 5 \s—+5= .
Underpass T>Rp 0.5 (RB + RT) 2.28-2.60 (2.4)
. S 2
Multi-Plate Arch RSP '\’ 2(3)e -5 142272 2.0)
¢ . 28
Verdcal Ellipse R>S ® 1.79-1.82 (1.8)
. : 28
Horizonial Ellipse S>R T 2.70-3.82  (3.1)
Low Profile Arch RT=09R 0.5 (R R'r RT 1.46-1.83 (1.7)
High Profile Arch RT=0.6R 0.5 (R R'+R'r 1.61-1.95 (1.9)
S S
Pear Rp >Rt 0.5 (FB- + m) 1.88-2.30 (2.1)
Notations in Table 6:
S = Span R = Rise
Sp = Bottom Span RT = Top Rise
R = R-Rt=Botlom Rise rr = Top Radiug

TABLE 7 CHARACTERISTICS OF CORRUGATED METAL STRUCTURES
CONSIDERED IN THE CALIBRATION

Rise Gage Heightof Original

_ Case Type of Span

1 Pipearch 11'-7" 7-5" 12 7.6 v VII-a

2 Ellipse 29'-5"  19'-11" 5 13.5 v N/A*

3 Pipearch 7-11" 5-7" 7 2.1 v v

4 Pipearch 10’ - 8" 6 -11" 8 4.5 Vi A\

5 Pipearch 10" - 8" 6-11" 10 379 VIl-a Vi-a

6 High Profile 27" - 3" 15'- 5" 5 11.5 VIl-a Rock

7 High Profile 27'-3" 15'-5" 5 29.0 VI-a Rock

8 Pipearch 10° - 8" 6 -11" 7 9.3 \4 v

9 Pipearch 10" - 8" 6'-11" 7 9.4 v v

*Bridge Abutments
£ . L CONCLUSIONS
E T Case History Settlementat Settlement at
ﬁ 15 I Number Crown (in)  Crown (in)

i
E i ; ;';7; 18601 1. MULTSPAN provides a simplified method of evaluating
2 Al HH T 3 13 1.1 structures on an annual basis so that problems can be antic-
£ s ! . i ] ipated long before they occur and remedial action can be
2 i ] ; 6 11.3 11.0 taken.
z 0 & 0 15 e z il he 2. SOILEVAL provides a simplified semiempirical method
ESTIMATED SETTLEMENT (in.) 9 5.8 5.7 of predicting movement of flexible buried structures. The pro-

FIGURE 4 Model calibration: measured versus estimated
displacement at crown.

gram has been found useful in predicting future movements of
pipes that have experienced some degree of movement.
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3. SOILEVAL can be used as a design tool to design the

backfill or the structure given a certain type of backfill. It can
also be used to design the width of the select backfill.
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Evaluation of Shear Plates and Grouted
Shear Key Joint Performance of a
Three-Sided Precast Culvert

BryaN E. LitTLE, THEODORE A. MizE, AND ROBERT J. BAILEY

The effectiveness of shear plates and a grouted shear key joint
system in providing load transfer across three-sided bridge sec-
tions is evaluated. Because of the flat-top culvert geometry ac-
commodating pavement directly on top of the sections, it was
important to determine the structure’s response to differential
deflections between adjacent sections when subjected to live load-
ing. Prompted by research that evaluated shear plates on tongue-
and-groove jointed box sections with spans up to 12 ft, the project
focused on a three-sided structure with a substantially longer span
(30 ft) and a grouted shear key joint system. Deflection results
are presented for various combinations of shear plates and the
keyed joint when subjected to simulated live loading. The results
indicate that the grouted shear key joint system is an effective
means of distributing the load between the precast sections. The
addition of shear plates does not enhance the structural response
of the grouted structures. Shear plates alone are ineffective.

In today’s culvert and small bridge replacement markets, three-
sided structures have been successfully installed under a va-
riety of conditions in several parts of the country. The three-
sided bridge system is a rigid frame design that incorporates
a flat-top geometry (see Figure 1). By providing a flat-top
structure, the system allows pavement to be placed directly
on top of the structure, thereby decreasing project time, back-
fill requirements, and potential for differential backfill settle-
ment. Before testing of the structure, the policy associated
with the system was to provide a grouted shear key joint
accompanied by shear plates (see Figure 1) when combina-
tions of long spans (more than 16 ft) and shallow earth covers
(0 to 2 ft) were encountered. In a load test on an installed
structure the following two issues were investigated:

1. How does the system behave structurally when a live
load is applied?

2. To what degree do grouted, keyed joints or shear plates
(or both) enhance the structure with respect to resisting loads?

The design loading for this bridge was AASHTO HS20-44.
For design purposes, this required less steel than for the In-
terstate loading. The tension steel provided in the bottom of
the bridge deck (As2) was between the requirement for an
HS20-44 and an Interstate load, as shown in the following
(units are in.%/ft):

Technology Division, Price Brothers Company, 367 West Second
Street, Dayton, Ohio 45402.

Required for HS20-44 loading: 0.901
Provided: 0.960
Required for Interstate loading: 1.048

Therefore, the Interstate load is a more rigorous test because
of the “under steel”” with respect to the Interstate design.

TEST PROGRAM

A three-sided bridge structure was identified for the load test
in Bloomfield Township, Michigan. The structure contained
35 linear ft (seven sections of 5 ft each) of 30-ft span x 7-ft
rise with a 30-degree left forward skew. The sections were
installed on two separate cast-in-place footings supplied by
the contractor. The backfill was placed to the top of the struc-
ture and was ready for testing to begin. A test procedure was
developed and sent to an independent licensed engineer for
review.

The preliminary steps of the test procedure were as follows:

1. A hydraulic jack was calibrated to provide a chart of
applied load in pounds versus gauge readings of hydraulic
fluid pressure in psi.

2. Dial indicators with adjustable support rods, 8W24 beams,
2- x 10- x 20-in. wood bearings (simulated wheel loadings)
and steel plates were procured.

3. The loaded truck was driven into position and deflection
readings from the truck wheel loads were recorded.

4. The hydraulic jack was activated and load was applied
in increments of 7,800 Ib to a maximum of 31,200 1b, repre-
senting the wheel load with 30 percent impact for the Inter-
state alternate axle load as presented in ASTM C850. De-
flection readings were taken from each of the dial indicators
at each increment.

5. Steps 3 and 4 were performed for each of four test
conditions.

Load Tests 1 and 2

Deflection Tests 1 and 2 were conducted with the joint con-
ditions as described in Figure 2. In Test 1 the deflection was
measured for a “butt type” joint (no grout and no shear
plates). In Test 2 the deflection was measured on the same
joint with the shear plates in place.
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FIGURE 1 Three-sided bridge system,

The tests were set up in accordance with Figures 2 and 3.
All dial indicator readings were taken before the positioning
of the truck. This was the zero reading.

After the truck was in position, measurements were taken
to record the location of the wheels relative to the applied
test load. Figures 4 through 6 show the test arrangement for
Tests 1 and 2. The load was applied according to the procedure
described, and the deflections, as determined by the dial in-
dicators, were recorded at each load increment. After Test 2
was completed both of the ungrouted joints were grouted.

Load Tests 3 and 4
Tests 3 and 4 were conducted in the same manner, except the
load was positioned at the location shown in Figure 7. Test

3 was conducted with the grout and shear plates in place. Test
4 was conducted on the grouted joint without shear plates.
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TEST RESULTS

Load-deflection results for the applied jack load (Figure 3)
are given for the four joint conditions in Tables 1 through 4.
The tables do not include tne deflections due to the truck
wheel loads. The deflections corresponding to the truck wheel
loads were 0.028, 0.015, and 0.008 in., respectively, at Dial
Indicators 1, 2, and 3 for Tests 1 and 2. For Tests 3 and 4,
the corresponding deflections were 0.010, 0.012, and 0.012
in. As the load was applied by jacking the truck up, the truck
wheel loads were reduced somewhat. Therefore, the deflec-
tions due to the truck wheels were reduced. The deflections
due to these truck wheel loads were considered negligible in
the analysis.

The load-deflection results corrected for apparent bridge
settlement are shown in Figures 8 and 9. The test details are
shown in Figures 4 through 6. The differential deflections
across the joint versus jack load are shown in Figure 10.

DISCUSSION OF RESULTS

For each joint condition presented in Tables 1 through 4, a
maximum load of 31,200 1b was applied in 7,800-Ib incre-
ments. This load was applied, released, and reapplied so that
deflections due to bridge settlement could be established by
taking “no load” dial indicator readings after the first load
cycle. In this manner dial indicator readings were corrected
for apparent bridge settlement, and the results are presented
in Figures 8 and 9. Analysis of Figure 8 indicates that de-
flections at Dial Indicator 2 (loaded side of joint) were great-
est in Test 1 (ungrouted joint with no shear plates). Deflec-
tions at this dial indicator were reduced the most in Tests 3
and 4 (grouted joint with and without shear plates, respec-
tively). Analysis of deflections at Dial Indicator 3 (unloaded
side of joint) in Figure 9 indicate that deflections increased
progressively from Test 1 (ungrouted and no shear plate) to
Test 3 and 4 conditions. Results for Tests 3 and 4 were iden-

LEGEND

APPLIED LOAD (SEE FIGURE 3)

B 374" x 10" X 20" SHEAR PLATE
O DIAL INDICATOR

FIGURE 2 Test 1 (ungrouted without plates) and Test 2 (ungrouted with

plates).
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FIGURE 3 Load test arrangement—diagram.

<

FIGURE 4 Load-deflection test arrangement for
three-sided bridge.

FIGURE 5 Load was applied by hydraulic jack in 7,800-1b
increments to a maximum load of 31,200 lb. Load was
distributed on the 10- X 20-in. bearing areas at 4-ft centers to
simulate truck wheel bearing areas. The 31,200-Ib load is
equivalent to the ASTM C850 Interstate alternate axle loading.



FIGURE 6 Deflections were obtained by three dial indicators.
Locations relative to the load points are indicated in
Figures 1, 2, and 7.
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APPLIED LOAD (SEE FIGURE 3)

B 374" x 10" x 20" SHEAR PLATE
O DIAL INDICATOR

FIGURE 7 Test 3 (grouted with plates) and Test 4 (grouted without plates).

TABLE 1 THREE-SIDED BRIDGE LOAD TEST— TABLE 2 THREE-SIDED BRIDGE LOAD TEST—
UNGROUTED WITHOUT SHEAR PLATES (TEST 1) UNGROUTED WITH SHEAR PLATES (TEST 2)
Jack Load Deflection (inches) Jack Load Defiection (inches)
(Ibs.) Dial # 1 Dial # 2 Dial # 3 (Ibs.) Dlal # 1 Dlal # 2 Dlal # 3
0 0 Q ] 0 0 o0 0
7800 017 .030 .001 7800 016 027 .004
15600 .037 .065 0 15600 .035 .056 .008
23400 074 110 -.001 23400 .063 .090 .012
31200 121 .166 -.001 31200 .080 .128 016
0 .020 017 -.003 0 0 .005 .001
7800 .037 .048 -.002 7800 .019 .033 .002
15600 0568 .083 -.004 15600 .036 .063 .006
23400 .085 122 -.004 23400 05656 094 .010
31200 .123 170 -.004 31200 .079 127 015

For load and dial indicator localions, see Figures 2 & 3. For load and dial indicator locations, see Figures 2 & 3.



TABLE 3 THREE-SIDED BRIDGE LOAD TEST— TABLE 4 THREE-SIDED BRIDGE LOAD TEST—

GROUTED WITH SHEAR PLATES (TEST 3) GROUTED WITHOUT SHEAR PLATES (TEST 4)
Jack Load Detflection (inches) Jack Load Deflection (inches)
(Ibs.) Dial # 1 Dial # 2 Dial # 3 (Ibs.) Dial # 1 Dial # 2 Dial # 3
0 o] 0 0 0 0 0 0
7800 .008 .013 .013 7800 .010 .014 .014
15600 .017 .028 .027 15600 .018 .028 .028
23400 .027 .042 .041 23400 027 .042 .042
31200 .034 .056 054 31200 .035 .055 .054
0 [¢] .002 .001 0 .001 .001 0
7800 .009 .015 .013 7800 .010 .014 .014
15600 .018 .030 .028 15600 .018 029 .028
23400 .027 .044 .042 23400 .027 .042 .041
31200 .035 087 .054 31200 .035 055 .054
For load and dial indicator focations, see Figures 3 8 7. For load and dial indicalor locations, see Figures 3 & 7.

Midspan Deflection (in.)
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0.12 | [EZ] Test 3 (Dial 2) Grout/Plates
Bl Test 4 (Dial 2) Grout/No Plates
0.1
0.08
0.06 |-
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0.02

Jack load (Ibs.)
FIGURE 8 Load versus deflection (loaded side of joint).
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Test 1 (Dial 3) No Grout/No Plates
[_] Test 2 (Dial 3)No Grout/Plates
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B Test 4 (Dial 3)Grout/No Plates

0.14
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FIGURE 9 Load versus deflection (unloaded side of joint).
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FIGURE 10 Jack load versus differential deflection across
joint (differential deflection = Dial 2 — Dial 3).

—Ungrouted w/o Plates
——Grouted w/Plates

tical for all practical purposes and indicated the greatest amount
of distribution of load across the joint (see Figure 10). In fact,
the load is completely transferred across the joint for this
condition, because the deflections are the same on the loaded
and unloaded side of the joint. The results of Tests 3 and 4
indicate that the grout, alone, completely transfers the load
across the joint, and shear plates are redundant. In essence,
the shear plates can be eliminated.

This project is typical of many in Michigan and throughout
Ohio. The yardstick for total deflection used by the Ohio
Department of Transportation is L/800. This corresponds to
a deflection of 0.45 in. As indicated in Tables 1 through 4,
these deflections were well under the limit of L/800.
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CONCLUSIONS

1. The tests indicate that, both individually and combined,
shear plates and the grouted keyway transfer load across the
joint.

2. The grouted keyway alone provided complete load trans-
fer across the joint.

3. Shear plates alone are ineffective because they only pro-
vided minimal load transfer.

4. By comparison, the grouted keyway was much more ef-
fective than the shear plates alone, and the difference in joint
performance between the grouted joint and the grouted joint
combined with shear plates was minimal.

RECOMMENDATIONS

1. The use of the grouted keyway joint should be continued
to safeguard against reflective pavement cracking due to dif-
ferential deflection of the bridge sections under load.

2. The use of shear plates at grouted joints should only be
considered for special end treatment (headwalls, etc.) to tie
the end pieces to the body of the structure.

Publication of this paper sponsored by Committee on Culverts and
Hydraulic Structures.
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Microcomputer-Based Culvert Ranking

System

CarL E. Kurt aND GARTH W. McNicHOL

The efficient use of limited resources is a problem that faces every
local government. These governments have large investments in
local roadways, bridges, and culverts. No management system
has been developed for culvert systems. The development of a
ranking system for culverts found on local agency systems is pre-
sented. Cost models are developed to identify major contributors
to user and agency costs. On the basis of the cost models, a
working dBase III Plus™ microcomputer software package was
developed to evaluate culvert systems of local agencies. The re-
sults of the proposed system were compared with existing culvert
replacement strategies with good agreement.

Culverts are an integral part of any highway system.The enor-
mous public investment in these structures demands that they
be properly managed and receive timely and cost-effective
maintenance, rehabilitation, and replacement. At present,
pavement and bridge management systems have been devel-
oped for roadway and bridge systems, respectively. In most
local agencies there are more culverts than bridges. However,
culvert systems, by their nature, are significantly different
from pavement or bridge systems. No management system
has been developed for culvert systems.

A true culvert management system will be complex. It must
be able to perform a complete functional evaluation of each
culvert and identify the optimum options for maintenance,
rehabilitation, or replacement. Significant resources will be
required to advance current technologies to this level; how-
ever, the long-term savings in public costs would justify the
expense.

The first step toward a comprehensive culvert management
system is the development of a system to give a relative rank-
ing to each culvert in the agency’s system. The methodology
for developing such a system is presented. Whereas the ap-
proaches used on existing bridge management systems are
evaluated, cost models for culverts are developed to identify
major contributors to user and, for some situations, agency
costs. The methodology is used to develop a computer soft-
ware system that uses a data base management system. To
demonstrate the applicability of the data base system, micro-
computer, and the ranking system, a culvert system of a local
agency is evaluated. The results of the proposed system are
compared with existing culvert replacement strategies.

LITERATURE REVIEW

After a review of the literature, it was determined that little
information has been developed and reported for incorpo-

C. E. Kurt, University of Kansas, Lawrence, Kans. 66045. G. W.
McNichol, Douglas County Public Works, Lawrence, Kans. 66044.

ration into a culvert management or ranking system. Culverts
have properties similar to bridges, but they also have signif-
icant differences. Several bridge management systems have
been developed. Because of the similarities between man-
agement of culverts and bridges, a brief discussion of the
development of bridge management systems is presented.

A management system could be defined generally as any
system or series of engineering and management functions
that, taken together, result in the actions necessary to manage
the system. For bridges or culverts, the actions may include
evaluation of problems, selection of improvement projects,
and the programming and initiation of specific projects.

Alternatively, the actions could be inventory and inspection
of culverts or bridges, evaluation of priorities, selection and
programming of projects, and improvement of structures.

In the United States, the approach taken to culvert or bridge
management ranges from informal to formal. Most bridge
management system (BMS) developers encourage develop-
ment of a comprehensive system that tends toward the formal
end of the spectrum. These management systems are more
likely to result in sound, cost-effective decisions. They provide
formal procedures to ensure consistency in the decision-
making process; analytical models to evaluate needs, priori-
ties, and options; and an adequate data base to support the
analytical models. The primary objective of most manage-
ment systems is to assist the program manager in setting the
needs for resources and to use the resources available in a
cost-effective manner while meeting current and future needs.

A bridge ranking system was developed in Kansas using a
modified version of the Delphi technique (7), which was orig-
inally developed by the Rand Corporation in the late 1940s
for arriving at a consensus of experts. The Kansas Department
of Transportation (KDOT) organized a Delphi panel con-
sisting of 25 key individuals from KDOT (average length of
service of 26 years) to make the necessary assessments for
development of priority-ranking formulas. This system may
work well for large agencies, but a local agency usually has
only one or two experts. Thus, the approach may not be
applicable to the implementation of a bridge or culvert man-
agement system by a local agency.

One of the first formulations of the level-of-service concept
for traffic was accomplished at North Carolina State Univer-
sity by Johnston and Zia (2) for the North Carolina Depart-
ment of Transportation. The purpose of the research was to
establish level-of-service requirements to evaluate the ade-
quacy of North Carolina bridges. Level-of-service goals were
set for various bridge parameters such as load capacity, deck
width, and vertical clearances. The goals are target values for
selected bridge characteristics. They were varied on the basis
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of highway functional classification, traffic volume, and other
factors. The goals were set with the recognition that widely
varying traffic needs exist throughout the highway system and
that many bridges on local roads can adequately serve traffic
needs with lower load capacities and geometric standards than
would be necessary for bridges on heavily traveled highways.
The degree to which a bridge is deficient can be measured by
comparing bridge characteristics with level-of-scrvice goals.
Shortfalls from the goals determine the type and extent of
improvement needed. The shortfalls are useful for comparing
bridge needs and setting improvement priorities.

Several versions of the early North Carolina system were
reviewed, including those of Nebraska (3), Virginia (4), and
Pennsylvania (5). These systems were essentially modifica-
tions of the North Carolina system except that each state
varied weighting factors to meet its own criteria.

Several BMSs were studied before the current culvert man-
agement system—CMS—was developed. One was that of
Hudson et al. (6), which reviewed the management needs
associated with the nation’s bridges and investigated practices
of selected state departments of transportation in bridge man-
agement activities at the network level. This background pro-
vided the framework for a generic BMS followed by a con-
ceptual model BMS. This system is currently being developed
for bridges but not culverts.

Later versions of BMSs have begun to incorporate life cycle
cost and incremental benefit-cost analysis (7). The objective
of these analyses is to identify projects that produce benefits
greatly in excess of their cost. Deterioration models are being
studied to predict deterioration rates of new bridges or bridges
that receive various rehabilitation or maintenance treatments
(8). These methods may provide some advantages for deter-
mining which projects would maximize benefits; however,
cost data are required for a large number of alternatives.

In conclusion, no BMS can be directly applied to culverts
because BMSs do not consider the hydraulic function of cul-
verts, most BMSs are not microcomputer oriented, and other
BMSs require large resources of experienced people (e.g.,
Delphi) or data.

RANKING FORMULA DEVELOPMENT

A methodology is presented for devcloping the ranking for-
mula for use in a culvert management system. The level-of-
service goal concept, originally developed by Johnston and
Zia (2) for BMSs, was selected as the basis for the proposed
culvert management system. Level-of-service goals are set for
each culvert parameter. The goals are target values used to
assess culvert adequacy and may vary on the basis of highway
functional classification, traffic volume, and other factors.
When a culvert parameter fails to meet its service goal, a
deficiency is incurred. The equation describing this relation-
ship is
Deficiency points = actual condition — goal condition (1)
Four priority-ranking formulas were developed for use in
the culvert management system. Development of the formulas

involved identification of factors that control user and agency
costs: load capacity, hydraulic capacity, width deficiency, and
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maintenance costs. The factors were selected on the basis of
experience and discussions with engineers and supervisors.

The objective of the priority-ranking formulas is to develop
a numerical value for each culvert in the system. The priority-
ranking formulas are a function of culvert parameters. The
simplest have the following form:

Deficiency points = 2 Kf(a, b, ¢, d) @)

where

K; = weighting factors,
fi(a, b, ¢, d) = priority-ranking formulas, and
a, b, ¢, d = culvert parameters.

Before the ranking formula can be implemented, param-
eters must be collected for all culverts in the system. If the
approach is to work, all culvert parameters must be accurate
and consistent.

The weighting factors provide a means to give relative im-
portance to each of the ranking formulas. They also provide
flexibility and permit modification of the system to consider
local conditions. For example, if narrow culverts are impor-
tant local considerations, the weighting factor for the width
deficiency ranking formula may be increased.

Before the analytical procedures used in the development
of the four priority-ranking formulas are presented, the de-
velopment of a traffic model must be presented. Because one
of the goals of the project was to make the system applicable
to local systems, the traffic profile selected was based on a
traffic weight study conducted by KDOT (9, pp. 33-36). The
data at seven rural stations were considered. The study pro-
vided data on the distribution by type and weight of all traffic
measured. There were 29 combinations of loaded and empty
vehicles. Operating costs were assigned to each vehicle type
on the basis of estimated 1988 costs. A more detailed dis-
cussion of the traffic and cost model used is given elsewhere
(10).

LOAD CAPACITY RANKING FORMULA

User costs are associated with a culvert with a load capacity
less than the goal because the user must drive extra miles
around the posted culvert. The costs oceur every day that the
deficiency remains. To establish the load capacity ranking
formula, the cost model previously discussed was developed
to relate user cost to insufficient load capacity.

A linear regression model was used to represent user costs
for culvert capacities between 3 and 37 tons. The structure
was assumed to be closed if the service load dropped below
3 tons. The equation defining the relationship between unit
user cost (in dollars) per day-mile-ADT and insufficient load
capacity is

Cost/day-mile-ADT = (—0.0029 * SV) + 0.1053 (3)

When the load capacity cost model is substituted into the
deficiency points equation, the load capacity ranking formula
becomes

CP = WC * (CG - SV)/345 = ADT * DL 4)
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where
CP = capacity priority,
WC = load capacity weighting factor,
CG = capacity goal (tons),

SV = single vehicle posting (tons),
ADT = average daily traffic, and
DL = detour length (mi).

CP may not be less than 0.

Hydraulic Capacity Ranking Formula

User costs are associated with the hydraulic capacity of a
culvert because of the extra mileage accumulated during de-
tour around a flooded culvert. Hydraulic-related costs occur
only on flood days. A culvert with insufficient hydraulic ca-
pacity may result in recurring agency costs due to flood dam-
age to the roadway, structure, or adjacent property. The fol-
lowing cost model was developed for user and agency costs
due to insufficient hydraulic capacity.

The percentage of ADT affected by insufficient hydraulic
capacity was established from the same vehicle data used to
develop the load capacity ranking formula. In this case, if a
culvert cannot support a vehicle of a particular weight, then,
theoretically, the vehicle should not be affected by flooding
of the culvert. In this way, each detoured vehicle is counted
only once for a culvert deficiency. On the basis of this as-
sumption, the percentage of ADT affected by insufficient
hydraulic capacity is a function of load capacity.

The user costs for each vehicle type developed for the load
capacity ranking formula were used to develop a cost model
to describe hydraulic-related user costs. An operating cost
was assigned to each type of vehicle affected. An exponential
curve was developed to best fit the data and relate the unit
user cost per day-mile-ADT and insufficient hydraulic capac-
ity. The relationship is

Cost/day-mile-ADT = 0.062 * (SV — 3)°3° 5)

where SV is as previously defined.

Agency costs considered in this ranking formula are the
cost per flood per day and the number of flood days per year.
The average cost per flood is the cost, to the agency, of flood
damage to the roadway, structure, and adjacent property at
a particular culvert site. The number of flood days per year
is the number of days each year a particular culvert site floods.
When the hydraulic capacity cost model is substituted into
the deficiency points equation, the hydraulic ranking formula
becomes

HP = WH * (NF — NG)/365
* [(KF * ADT * DLh) + $/flood] (6)

where

HP = hydraulic priority,
WH = hydraulic capacity weighting factor,
NF = number of flood days per year,
NG = goal for number of flood days per year,
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KF = 0.062 * (SV — 3)°30,
DLh = detour length due to flooding (mi), and
$/flood = average damage cost per flood day.

HP may not be less than 0.

Width Deficiency Ranking Formula

User costs related to the width deficiency of a culvert result
from accidents. Width-related costs occur every day until the
deficiency is corrected. Narrow culverts contribute to single-
vehicle collisions involving pedestrians or the culvert structure
and to multiple-vehicle collisions involving approaching or
passing vehicles. Resulting user costs include property dam-
age, injury, and loss of life. Agency costs include repair of
structural damage and higher insurance premiums. To estab-
lish the width deficiency ranking formula, a cost model was
developed to relate cost to insufficient culvert width.

The first step was to establish a relationship between culvert
with deficiency and related accidents. A study of bridge width
and safety (17) provided information to derive a relationship
between the number of accidents per million vehicles and the
relative bridge width. The relative bridge width is the differ-
ence between the traveled-way width and the bridge width.
It was believed that this best represents the situations found
at narrow, rural culvert sites. The equation is

Number of accidents per million vehicles

= (0.0022 *+ WD?) — (0.061 * WD) + 0.5 (7)

where WD is the relative bridge width (ft).

The traveled-way width is the combined width of the lanes
only crossing the structure (shoulders are not included). If
the culvert is wider than the traveled way, the relative culvert
width is a positive value. If the culvert is narrower than the
traveled way, the relative culvert width is a negative value.

The second step in the development of the cost model was
to establish an appropriate cost per accident. A cost of $48,430
was chosen on the basis of 1985 nationwide accident cost data
(12). That was the value for rural non-federal-aid systems,
and it best represents a rural local agency road system. The
value was verified by using another technique given elsewhere
(13). The equation defining the relationship between unit user
cost per day-ft-ADT and insufficient culvert width is

Cost/day-ft-ADT = 0.048430 * ADT
* [(0.0022 * WD?)
— (0.061 * WD) + 0.5] (8)

When the width deficiency cost model is substituted into
the deficiency points equation, the width deficiency ranking
formula becomes

WP = WW * [(WD? — WDG?)/9,380
- (WD — WDG)/338] * ADT 9
where

WP = width priority,
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wWw
WDG

width deficiency weighting factor, and
relative culvert width goal (ft).

Il

WP may not be less than 0.

Maintenance Ranking Formula

Agency costs related to maintenance of a culvert result from
blockage of a waterway by debris and sediment. Routine
maintenance for culverts consists primarily of the removal of
obstructions and the repair of erosion and scour. Prevention
of joint leakage may be critical in culverts bedded in pipeable
soils to prevent undermining and loss of support. The main-
tenance cost model was based on yearly maintenance costs
incurred by the agency for each structure. When the main-
tenance cost model is substituted into the deficiency points
equation, the maintenance ranking formula becomes

MP = WM * (MC — MG)/365 (10)
where
MP = maintenance priority,

WM = maintenance weighting factor,
MC = maintenance cost ($/year), and
MG = maintenance goal ($/year).

MP may not be less than 0.

The ranking formulas developed for this culvert manage-
ment system were assembled into a deficiency points equa-
tion. The equation represents the total combined user-agency
cost per day for a given culvert. For each culvert, the defi-
ciency points (DP) are the sum of four culvert ranking for-
mulas: load capacity, hydraulic capacity, width deficiency,
and maintenance. The deficiency points are calculated on the
basis of the following formula:

DP = CP + HP + WP + MP (11)

Weighting Factors

Weighting factors allow the user Lo change the relative im-
portance of the various ranking formulas. Since the ranking
formulas are all based on estimated costs, the recommended
value for all weighting factors is 1.0. If specific local consid-
erations are important, the weighting factor may be increased
or decreased. However, the weighting factors should not be
changed indiscriminately. Because the basis of the formulas
are user and agency costs, a change in the weighting factors
has the effect of reducing or increasing the costs associated
with each priority formula. For example, it could be argued
that load capacity is not important because culverts in the
agency are not posted. However, there is a risk to the public
and the agency in case of structural failure of some culverts.
Therefore, the weighting factor for LC should be set equal
to zero for this extreme case.

Culvert Parameters

The proposed deficiency points ranking formula contains four
weighting factors, four ranking formulas, and eight basic cul-
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vert parameters. The culvert parameters are posted weight
(tons), ADT, relative width (ft), detour length, flood detour
length, flood days per year, average cost per day per flood,
and maintenance costs per year.

The development of such a system is a series of compro-
mises. If every conceivable culvert parameter were used in
the priority-ranking formulas, the data collection effort would
become significant. Even for smaller culvert systems, this ap-
proach could become an unwise use of limited resources.
Because the objective of the culvert management system is
to set priorities and get a relative ranking of the system’s
culverts, a more logical approach is to minimize the number
of culvert parameters collected.

The number of deficiency points for each culvert is always
greater than or equal to zero. Obviously, the worst culvert in
the system will have the largest number of deficiency points,
and the best culverts in the system will have no deficiency
points.

SOFTWARE

To assist in verifying that the proposed system works, a com-
prehensive data base software system was developed. Written
in dBASE II1™, CMS provides for the creation of the required
data bases, conducts certain hydraulic analyses, calculates the
deficiency points for each culvert, and provides for output in
several formats.

Before CMS will work, three data bases must be created.
The first contains the culvert parameters, the second defines
the level-of-service goals, and the third defines the weighting
factors. For first-time users, default data bases are provided.

CMS is a menu-driven system. Step-by-step execution of
individual menu items gives the user full control of program
flow and analysis. The user reaches the appropriate module
by working through the menu structure shown in Figure 1.
The numbers above each box are the responses the user should
make to get to the desired menu. The user may always move
to the previous menu by returning to any menu and pressing
9.

By selecting the create option, the user may add data to
the culvert, level-of-servive goal, or weighting factor data base.
By selecting the merge/modify option, the user may merge
an existing culvert data base or modify existing data in the
culvert, level-of-service goals, or weighting factor data bases.
By selecting the culvert ranking option, the user may rank all
culverts in the system. Obviously, before culverts are ranked,
data for the culverts must be collected and entered into the
culvert data base. The culvert ranking results may be viewed
on the screen or sent to the printer using the output results
option.

The user may select the hydraulics option to perform simple
hydraulic analysis of existing culverts. Two analysis proce-
dures are supported by CMS. The rational method permits
the user to input respective land use areas and their corre-
sponding runoff coefficients. After the rainfall intensity is
entered, the peak flow rate for the drainage basin is calcu-
lated. The second analysis procedure is based on U.S. Geo-
logical Survey data for calculating the peak flow rates on
unregulated streams in Kansas (/4). A regression equation
based on return period, drainage area, 24-hr rainfall depth,
and main channel slope was implemented in the software.
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FIGURE 1 CMS menu structure.

A simple culvert capacity calculator is also supported in the
hydraulics option. This determines the culvert capacity by
multiplying the open end area by an average velocity. The
coefficients required to conduct any of the hydraulics options
are automatically stored in the culvert data base.

The utilities option may be selected to configure CMS and
to designate specific data base file names, agency name, and
paper width for printer output.

APPLICATION TO A LOCAL CULVERT SYSTEM

To illustrate the application of the proposed system to a local
agency culvert system, the culverts of a local county were
evaluated. The county, in Kansas, is located near a growing
major metropolitan area. However, many of the county cul-
verts are on rural roads.

To provide a feel for the county’s culvert system status at
time of evaluation the following description is provided. There
were 1,459 culverts in the system. The distribution of culverts
by type is as follows: 77 were corrugated metal arch, 676 were
corrugated metal pipe, 94 were concrete arch, 346 were rein-
forced concrete box, 96 were reinforced concrete pipe, 89
were simple span, 69 were stone arch, 1 was stone box, and
11 were of an unknown variety.

The agency had previously developed a good data base for
its culvert system. However, some additional assumptions and
modifications were needed to evaluate the system. Forty-
four culverts had been load rated. Because CMS requires a
load rating for each culvert, a load rating was assigned to all
other culverts on the basis of the agency’s structural condition
rating system. New culverts and older culverts with no
problems were rated at 16 tons. Culverts with minor structural
problems were rated at 13 tons, those with intermediate struc-
tural problems were rated at 8 tons, those with major
structural problems were rated at 3 tons, and failed culverts
were rated at 0 tons. Fifteen culverts were closed but were
included in the totals.

Four hundred seventy culverts were not adequate to handle
the flow requirements of their particular drainage basin. Es-
timates for the number of flood days per year and cost per
flood for each culvert were made on the basis of agency data.
If the culvert’s hydraulic capacity was adequate to handle the
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flow, the number of flood days per year was set equal to zero.
If the flow capacity was inadequate, 1 flood day per year was
assigned at cost of $1,000 per flood. In the case of structures
being replaced by structures with twice the capacity, 2 flood
days per year were assigned at a cost of $1,000 per flood. Two
hundred eighty-seven culverts were narrower than the trav-
eled roadway. The relative culvert width ranged from 0 to
—10 ft. The average relative culvert width was —0.6 ft.
One hundred forty-two culverts required major mainte-
nance. Estimates of the yearly cost of maintenance for each
culvert were made using agency data. Culverts requiring no,
minor, medium, or major maintenance were assigned main-
tenance costs of $0, $200, $400, or $600 per year, respectively.
The highway classifications, at time of evaluation, were not
available. All highway classifications were assumed to be “lo-
cal.” The ADT counts varied from 0 to 4,107. Ninety percent
of the ADTs were below 1,000. The average ADT was 376.

Weighting Factors and Level-of-Service Goals

Whereas any number of highway function classifications could
be defined, all classifications for this system were defined as
“local.” For all ADT ranges, the load capacity goal was set
at 16 tons, the hydraulic capacity goal was set at 0 flood days
per year, the relative width goal was set at 0 ft, and the
maintenance goal was set at $0 per year. All weighting factors
used in this application were set equal to 1.0.

Results

The 1,459 culverts were evaluated using a 12 MHz 80286
microcomputer. The analysis took approximately 20 min, in-
cluding the calculation of all deficiency points and placement
of the culverts in descending order on the basis of the defi-
ciency points. Because most local agency culvert systems are
approximately this size, a microcomputer with the software
developed in this project can handle culvert systems of this
size.

For all culverts, the number of deficiency points ranged
from 0 to 244. Five hundred forty-five culverts had no defi-
ciency points. The maximum number of deficiency points (for
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a culvert with the highest ADT totally deficient in load ca-
pacity, hydraulic capacity, relative width, and maintenance)
would have been approximately 520.

For culverts with relatively low load capacity values, cul-
verts with high ADTs had the higher number of deficiency
points. The 10 culverts with the highest number of defi-
ciency points had high ADTs. The ADTs varied between 724
and 2,207. The operating rating of these culverts varied be-
tween 0 and 8 tons. Six out of the top 10 culverts were hy-
draulically inadequate. The relative culvert widths of the first
10 culverts varied between 0 and 10 ft. Seven of the first 10
culverts had maintenance problems.

The results were then compared with the local agency’s
previously developed comprehensive culvert replacement
program. In this program two agency persons (APs) indepen-
dently ranked the culvert system. AP1 is an engineer familiar
with the technical aspects of the system, whereas AP2 is an
engineer familiar with management responsibilities for the
system. CMS identified 32 of AP1’s 50 top culverts (see Figure
2). The diagonal line is where data points would lie if the
CMS ranking agreed perfectly with the agency ranking. Data
points above the diagonal line represent culverts rated more
critical by CMS than by AP1, and vice versa. The data points
along the top of Figure 2 represent culverts ranked by CMS
in the top 50 but ranked greater than 50 by AP1. The culverts
that were not in the top 50 of AP1’s ranking but were ranked
critical by CMS tended to have reduced load capacity. Be-
cause the load capacity for these culverts was arbitrarily as-
signed and may be inaccurate, it is recommended that they
be load rated. If it is assumed that these culverts drop out of
the top 50 when properly load rated, a better correlation
between CMS results and AP1 occurs (see Figure 3).

CMS identified only 23 of the top 50 culverts identified by
AP2 (see Figure 4), AP2’s ranking appears to place more
importance on relative culvert width. This may reflect the
safety concerns of a system manager. If AP2 had assigned
more importance to load capacity, the correlation between
the rankings by CMS and AP2 would have becn better. If an
actual load rating could be done for all culverts, a better
correlation between CMS and AP2 would occur. Figure 5
shows the correlation if all culverts ranked high by CMS were
determined adequate when load rated. Except for specific
instances, the culverts chosen by CMS were scheduled
for early replacement, were under construction, or were
replaced.
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Because 1,459 culverts were considered in the system, re-
markable correlation occurred between the CMS system and
the independent ranking by local APs. Several observations
can be made. The need for accurate data is imperative. Errors
in culvert data may cause obvious discrepancies. The cost
model developed appears to give reasonable results when
compared with the existing construction program. Because
CMS is cost based, system administrators can evaluate the
total system over a period of time. In 5 years, a lower average
number of deficiency points would indicate an overall im-
provement of the system.
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SUMMARY AND CONCLUSIONS

A ranking system for culverts found on local agency road
systems was developed. Cost models were developed to iden-
tifty major contributors to user and agency costs. A working
dBase III Plus™ microcomputer program was developed using
this cost model information. The program was used to eval-
uate a culvert system of a local county. The results of the
proposed system were compared with existing culvert replace-
ment strategies.

The results of the culvert management system studies sup-
port the following conclusions:

1. A culvert management system based on a cost approach
is practical and gives good rankings of a local culvert system.

2. Important cost factors, in order of importance, were load
capacity, relative width deficiency, hydraulic capacity, and
maintenance.

3. Microcomputers can analyze local culvert systems. A
working dBase™ microcomputer program was developed us-
ing cost model information. The time required to develop a
culvert replacement program with the use of a culvert man-
agement system was significantly lower than with the manual
selection process.

4. The system developed provides flexibility to local agen-
cies by permitting local definition of level-of-service goals and
weighting factors.

5. A measure of the system’s capability is a steady decline
of a system’s average deficiency points.

To fully implement a culvert management system, it will
be necessary to evaluate life cycle costs, deterioration models
for each culvert type, and effects of further maintenance strat-
egies. With this more comprehensive management approach,
better selection of culvert maintenance projects may occur,
and maintenance engineers may be able to evaluate the
consequences of resource allocation during the budgeting
process.
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Economic Considerations When Using
Controlled Low-Strength Material
(CLSM-CDF) as Backfill

WiLLiaMm E. BREWER AND JoHN O. HurD

Controlled low-strength material (CLSM) is defined by the Amer-
ican Concrete Institute as having a 28-day compressive strength
less than 1,200 psi. Its primary ingredients are portland cement,
fly ash, and filler aggregate. Although CLSMs have been in use
for a number of years, confusion about their construction benefits
and economic savings remains, The principal use of CLSM has
been as a controlled-density fill (CDF) in place of conventionally
placed backfill. A method for determining the cost of CLSM-
CDF and how it can affect a contractor’s total construction costs
is described. General technical information for the manufacture
and testing of CLSM in the laboratory and in the field is cited.
A small sample of ready-mixed concrete producers indicates the
need for dissemination of information about CLSM.

The conventional backfilling technique for all types of exca-
vations has supposedly been the placement of granular ma-
terial into the excavation in layers with tamping to achieve
the desired compaction (density). In many cases, the material
was dumped into the trench but never tamped or adequately
compacted.

In the early 1970s engineers started examining alternatives
to conventional backfilling materials and methods (7). One
alternative was a material designated as K-Krete (CDF) (CDF
stood for controlled density fill), a low-strength material (in
terms of concrete) with a 28-day compressive strength of about
100 psi. This was a patented material process developed by
the Detroit Edison Co., Detroit, Michigan, and Kuhlman
Corp., Toldeo, Ohio. The material is still sold under the name
K-Krete through trademark holders. Because of the material’s
success, similar materials have been developed and sold under
a variety of trade names: M-Crete, S-Crete, Flowable Fill,
Flash Fill, Flowable Grout, Flowable Mortar, One-Sack Mix,
and so on.

By 1980 it was evident to the early developers of low-strength
materials that technical information about this product was
not being properly developed or transferred to the public.
Some information was being published in trade magazines,
but not on a consistent basis. An American Concrete I[nstitute
(ACI) committee 229 was formed to correct these deficien-
cies. The ACI 229 committee is designated as Controlled Low-
Strength Material (CLSM). The committee defined low strength
to be a material with a 28-day compressive strength of less
than 1,200 psi.

W. E. Brewer, Brewer & Associates, P.O. Box 8, Maumee, Ohio
43537. J. O. Hurd, Ohio Department of Transportation, 25 South
Front Street, Room 620, Columbus, Ohio 43215.

The creation of the ACI 229 committee gave publicity to
CLSM. In recent years ready-mixed concrete trade associa-
tions have published numerous articles on CSLM uses (2-4).
Even with this extended publicity, CLSM uses were confined
because of misunderstandings about construction applications
and a realistic pricing structure.

Although this paper primarily addresses backfilling with
CLSM-CDF, CLSM is really a family of possible mixtures
with a variety of uses: pavement base, structural fill, thermal
fill, anticorrosion fill, high- or low-permeability fill, and so
on. Each mixture is designated by a three-letter acronym,
such as CPB (controlled pavement base), CSF (controlled
structural fill), and CTF (controlled thermal fill).

OBJECTIVE AND SCOPE

One reason for using, or not using, CLSM-CDF has been
its cost compared with that of conventional backfill. Con-
struction costs for both conventional backfill and CLSM-CDF
are investigated, and ways to reduce CLSM-CDF costs are
suggested.

Information used in this paper has been gathered over the
past 20 years and is the result of both laboratory and field
research projects (5-8). Comparisons of conventional backfill
and CLSM-CDF construction costs are reviewed. The review
includes related topics for materials, manufacturing, trans-
porting, placing, testing, OSHA regulations, and pricing.

CLSM AND REILLATED BACKFILL PROPERTIES
Background

The basic components of CLSM are portland cement, fine
aggregate, fly ash, and water. For backfilling operations the
material must possess four properties: flowability, remova-
bility, strength, and a competitive price. Competitive price is
the main theme of this paper. It is semidependent on the
other three properties. To provide a better understanding
of each property and its effect on price, each property is
reviewed.

Flowability

The CLSM must be able to flow into the trench, thereby
eliminating all labor requirements for placing. Several tests
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have been developed for laboratory determination of ade-
quate flow. Early researchers developed the open-ended,
3-in.-diameter X 6-in.-long cylinder test. The open-ended
cylinder is placed on a level surface, and the CLSM is poured
into the cylinder. The cylinder is then lifted, vertically, to
allow the material to flow out on the level surface. Good
flowability requires no material segregation and a spread of
approximately 8 in. in diameter.

Removability

Removability must be considered if the backfilled trench may
be excavated in the future. In most projects removability is
a property that is requested. To ensure removability, the un-
confined compressive strength should be less than 100 psi.
Concrete-oriented personnel] have difficulty in understanding
this low strength requirement, because they usually work in
the range of 3,000 to 5,000 psi. Hardened CLSM is more
directly related to soils than to concrete. For easy remova-
bility, the worst thing a manufacturer can do is to put extra
cement into the mixture. In one case the material achieved a
reported strength of 3,000 psi in 1 year.

Strength

Compressive strength testing of CLSM has been conducted
using various size cylinders and 2-in. cubes. The resulting
compressive strength depends on the materials used and their
respective proportions in the mixture. For standard backfilling
operations, considering flowability and removability, 100 psi
or less is recommended. Different materials, types, and sources
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can drastically change the compressive strength. It is rec-
ommended that laboratory tests be run on initial mixtures and
for any changes in the mixtures. Monitoring of materials dur-
ing CLSM manufacture is strongly recommended. See Table
1 for referenced CLSM laboratory mixture.

These weights provide a starting point for laboratory de-
termination of flowability and compressive strength. Type C
fly ash is now being considered or used in several locations
in the United States. Laboratory and field test comparisons
are being conducted for Type F and Type C fly ashes. Initial
tests indicate that higher strengths are being achieved with
Type C fly ash. If removability is required, the use of Type
C fly ash should be closely examined.

In most cases the fill aggregate has been concrete sand
(ASTM (C33). It provides an excellent CLSM backfill when
properly designed and manufactured. Less expensive mate-
rials can also be used for the aggregate filler. In some cases
bottom ash has been successfully used. Each geographic area
contains inexpensive aggregate filler material that could be
used in the manufacture of CLSM.

Yield of Mixture

There are two yield considerations for CLSM mixtures: the
plastic, or wet, yield and the hardened, or subsided, yield.
The absolute volume of the wet mixture is calculated in the
same manner as for concrete. Because of the high water con-
tent, a significant amount of water bleeds off the placed CLSM
mixture. Therefore, the hardened volume is less than the
initial wet volume. A typical subsided yield would have vol-
ume reduced by approximately 6 to 8 percent. The reduced
hardened volume must be reflected in both price and volume

TABLE 1 CLSM LABORATORY MIXTURE AND DETERMINATION

OF WET ABSOLUTE VOLUME

CLSM LABORATORY MIXTURE

Material Weight (1b)/Cubic Yard
Portland Cement, ASTM C150 (Type I) 100
Fly Ash, ASTM C618 (Type F) 300
Filler, ASTM C33 (Aggregate) 2560
Water 600

DETERMINATION WET ABSOLUTE VOLUME

Material S.G. Weight Calc ted W . Volume
Cement 8.156 100 100/(62.4 * 3,15) = 0.51
Fly Ash 2.47 300 300/(62.4 * 2.47) = 1.95
Filler 2.65 2560 2560/ (62.4 * 2.65) = 15.48
Water 1.00 600 600/62.4 = 9.62

Total (cu.ft.) = 27.56
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requirements. The specific gravity of the components will
affect the final hardened volume. See Table 1 for an example
of determining the wet absolute volume of a typical 1-yd?*
CLSM mixture.

The wet overyield (0.56 ft®) could be adjusted by reducing
the aggregate filler as long as proper flowability is maintained.
Another consideration is that the higher wet yield increases
the subsided volume. A volume reduction of 6 to 8 percent
would result in a final subsided volume of 26.0 to 25.5 ft3.

MATERIAL COSTS

To determine a proper pricing structure for a CLSM-CDF, a
knowledge of material costs is required. Material costs gen-
erally vary with geographic locations. Time of year, compe-
tition, and the amount of work within the geographical area
can affect costs. Costs for CLSM-CDF in a surveyed area of
Ohio are shown in Table 2.

The cost of the fill material has the greatest significance in
determining the cost of a CLSM-CDF mixture. Material for
possible aggregate filler use should be investigated. It can be
a nonstandard material that can satisfy CLSM mixture re-
quirements. The Hatfield Station project (Pennsylvania) is
one place where bottom ash was used as the filler material

(9).

MANUFACTURING EQUIPMENT

Ready-mixed concrete equipment has generally been used to
manufacture CLSM mixtures. This is not to say that other
types of equipment and mixing procedures have not or could
not be just as effective. Because the early CLSM concepts
were developed by ready-mixed concrete producers, it was
natural for ready-mixed concrete equipment to be used.

The important thing to remember is the proper mixing of
the CLSM components. Flow, removability, and strength will
not be controlled without proper mixing.

TRANSPORTATION RESEARCH RECORD 1315

TRANSPORTATION AND PLACING COSTS

The usual method for transporting CLSM-CDF mixtures to
the project has been by ready-mixed concrete trucks. With
the advent of CLSM-CDF mixtures, the ready-mixed concrete
trucks should now be referred to as material mixing and trans-
porting trucks. The CLSM-CDF mixture is usually placed by
pouring directly from the truck into the trench or excavation.
For this paper, and in general, the transportation costs for
concrete are used for the transportation costs of CLSM-CDF
mixtures.

Technically, the CLSM-CDF supplier should consider less
wear on equipment (blades) and faster placing times. Because
most CLSM-CDF mixtures contain smaller-sized aggregate
than concrete, blade wear is greatly reduced. Because CLSM
requires no vibration or work after placing, placement time
is reduced from the usual 10 min/yd® for concrete to 10 min
or less for the entire CLSM-CDF load. Placement of CLSM-
CDF mixtures can significantly decrease equipment turn-
around time for trucks.

CONSTRUCTION CONSIDERATIONS AND
BACKFILLING

When considering total CLSM-CDF costs, the contractor must
consider related construction requirements. Related construc-
tion requirements include trench width, Occupational Safety
and Health Administration (OSHA) requirements, and speed
of backfill placement.

Trench widths can be reduced with the use of CLSM-CDF,
because a wider trench is not required to achieve adequate
compaction around the conduit. The reduction in trench width
also reduces excavation costs and the amount of backfill ma-
terial required.

OSHA requires sloping sides for trench excavations [29
CFR 1926.652 (7/1/89 ed.)]. For conduit placement, with a
“steel box” and CLSM-CDF backfilling, sloping sides could
be eliminatcd because no one is required to be in the trench
during backfilling.

TABLE 2 CLSM CDF COST SURVLY, OIIIO

STRENGTH
COMPANY MATERIAL @ 28 DAYS COST
REFERENCE REFERENCE PSI ($/CY.¥YD.)
A 3 bag grout ? 52.00
B K-Krete-CDF 100 29.50
c Low Strength 500~-1000 31.50
D Fill Crete 2 36.75
E Flowable Fill 500 30.00
F U-Crete 500 30.00

? Means that producer had no information about the 28 day compres-

sive strength.

All producers made claims about easy removability.
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Backfilling is faster with the use of CLSM-CDF. There are
no delays for compaction testing in the trench. Backfilling is
as fast as the CLSM-CDF material can be poured into the
trench, as long as conduit flotation can be controlled. A faster
backfilling operation reduces total project construction time.

QUALITY CONTROL AND FIELD TESTING

The quality control and testing of CLSM-CDF mixtures are
similar to construction controls for concrete and soils. The
suggested controls and field-testing procedures apply to the
end use of the mixture. The tests consist of the following
ASTM standards and test procedures: ASTM C138, test for
unit weight; ASTM C39, modified test for compressive strength;
and flow test (no ASTM designation).

The cylinder size and rodding requirements of ASTM C39
have been modified. The cylinder size can be either 4 X 8
in. or 3 X 6 in. Naturally, 6 X 12 in. cylinders can be used,
but smaller cylinders yield satisfactory results. To simulate
field placement, no rodding should be done after placing the
mix in the cylinder. The cylinders should be allowed to stand
undisturbed for at least 48 hr.

COMPETITIVE PRICE

The price per cubic yard of a CLSM-CDF mixture, as man-
ufactured by the ready-mixed concrete producer, is governed
by the cost of its components, the cost of competitive prod-
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ucts, and the construction method. For this paper, material
cost survey form sheets were developed along with a material
cost determination procedure to be used by a ready-mixed
concrete producer (see Figure 1 for cost form sheet). Five
ready-mixed concrete producers in Ohio participated in the
cost survey. Each producer was interviewed about possible
uses of CLSM-CDF in its operation. Material cost and mix
information received from the producers interviewed is given
in Tables 3 and 4.

The material cost information was then used to calculate
the cost of a standard CLSM-CDF mixture using ASTM C33
concrete sand as the filler. The CLSM-CDF costs include
transportation and placement times. They were calculated
using the same transportation and placement time costs as for
concrete mixtures (see Table 5 for determination of CLSM-
CDF mixture costs for material, transportation, and place-
ment times).

The largest cost in a six-sack concrete mix is the cement
(61 percent). Figure 2 shows a cost comparison for a six-sack
concrete mix. The largest cost for CLSM-CDF, on the basis
of average and minimum survey values, is the aggregate filler,
59 percent and 60 percent, respectively. See Figures 3 and 4
for cost comparisons for CLSM-CDF using average and min-
imum survey values. The filler material in a CLSM-CDF mix-
ture greatly influences the final cost. On the average, for every
10-cent reduction in filler costs per ton, the resulting CLSM-
CDF material cost reduction is 1 percent/yd>.

Cost reductions for CLSM could be made to adjust for less
equipment wear and faster placement times. The CLSM-CDF

Estimated Costs (Work Sheet Information)

Bupplier:

Date:

Item Reference

P. C. Concrete

CLSM-CDF

Materials:

Cement

Fine Aggre. (1lb)
Coarse Aggre. (1lb)
Water (1b)

Fly Ash (1lb)

Trucking:

Travel (time)

Unloading (time)

Yields: (c.f.)

FIGURE 1 Survey form for CLSM-CDF costs.



TABLE 3 CLSM-CDF COST INFORMATION, OHIO

MATERIAL COMPANY SURVEY REFERENCE
REFERENCE 1 2 3 4 5
(Cost per Ton...$/T)
Cement (Type 1) 60.00 57.00 57.00 62.00 60.00
Fine Aggr. (C33) 6.00 5.80 4.85 6.50 7.50
Coarse Aggr. (C33) 7.85 7.95 8.60 5.95 5.45
Fly Ash (F) 23.00 9.00 26.50 13.00 11.50
Unloading Time (con) 60 min, 60 min. 60 min. 103m1n./ 103min./
yd yd
Cost 6 Sack Mix 50.00 48.00 42.00 47.50 49.50
Minimum Maximum Average
(Cost per Ton...$/T.)
Cement (Type 1) 57.00 62.00 59.20
Fine Aggr. (C33) 4.85 7.50 6.23
Coarse Aggr. (C33) 5.45 8.60 7.16
Fly Ash (F) 9.00 26.50 16.60
Cost 6 Sack Mix (con) 42,00 50.00 47.40

TABLE 4 CONCRETE MIX INFORMATION, OHIO

MATERIAL COMPANY SURVEY REFERENCE
REFERENCE 1 2 3 4 5
(Pounds/Cubic Yard For 6 Sack Mix)
Cement (Type 1) 564 564 564 564 564
Fine Aggr. (C33) 1320 1380 1380 1508 1500
Coarse Aggr. (C33) 1680 1765 1730 1735 1725
Cost 6 Sack Mix 50.00 48.00 42.00 47.50 49.50
Minimum Maximum Average

(Pounds/Cubic Yard For 6 Sack Mix)

Cement (Type 1)
Fine Aggr. (C33)
Coarse Aggr. (C33)

Cost 6 Sack Mix (con)

564 564
1320 1380
1680 1765

42.00 50.00

564
1418
1727

47.40




TABLE 5 DETERMINATION OF CLSM-CDF COST

6 Sack Concrete Mix

Material Weight/ Cost Matl.Cost %
Reference Cu.Yd. (1b) ($/T) ($/Cu.¥d.) Cost
Cement 564 59.20 16.69 61
Fine Aggr. 1418 6.23 4.42 16
Coar.Aggr. 1727 7.16 6.18 23
27.29 100

Cost for 6 sack concrete mix including material, transportation
and overhead...$ 47.40.

Therefore cost for transportation and overhead would equal...
$ 47.40 - 27.29 = § 20.11/cy.

CLSM~CDF MIXTURE (Based on Average Values)

Material Weight/ Cost Matl.Cost %
Reference Cu.Yd. (1b) ($/T) ($/Cu.Yd.) Cost
Cement 100 59.20 2.96 22
Fine Aggr. 2550 6.23 7.79 59
Fly Ash 300 16.60 2.49 19
13.24 100

Add in transportation and overhead costs...
$ 20.11 + 13.24 = $ 33.35/cy.

Adjust for under yield...$ 33.35/1.06 = $§ 31.46/cy.

CLSM-CDF MIXTURE (Based on Minimum Values)

Material Weight/ Cost Matl.Cost %
Reference Cu.Yd. (1b) ($/T) ($/Cu.¥d.) Cost
Cement 100 57.00 2.85 27
Fine Aggr. 2550 4.85 6.18 60
Fly Ash 300 16.60 1.35 13
10.38 100

Add in transportation and overhead costs...
$ 20.11 + 10.38 = $ 30.49/cy.

Adjust for under yield...$ 30.49/1.06 = § 28.76/cy.
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TABLE 6 COST COMPARISONS—CLSM-CDF VERSUS

Fly Ash (F)

CONVENTIONAL BACKFILL

Description Quantity Labor Material Total
(Cu.Yd.) ($/Cu.¥d.) ($/Cu.vd.) ($)

G b T,
Material & Labor 26.67 14.00 8.00 586.74
Testing 6" lifts ($ 250/day...1 day) 250.00
Total Cost 836.74
CLSM-CDF
Material 26.67 (no labor) 28.76 767.03
Testing (Flat fee - 2 cylinders) 100.00
Total Cost 867.03
Note: Quantities based on a trench 3' wide, 6' deep, and 40'

long.

Every 1' reduction in trench with, in this example, would
represent a backfill cost reduction of $§ 255.64 when

using CLSM-CDF.

The trench width reduction would be

possible because conventional compaction requires

additional access width around the conduit.

35



36

estimated costs shown in Table 5 do not reflect any adjust-
ments for these reductions.

CLSM-CDF COSTS COMPARED WITH THOSE OF
CONVENTIONAL BACKFILL

The cost of using CLSM-CDF in place of conventional backfill
has been debated by many CLSM-CDF producers and con-
tractors. The economy of using CLSM-CDF depends on the
specification enforcement of the conventional backfill method
and the cost of backfill materials. Using the costs for CLSM-
CDF given in Table 5, an illustrative comparison between
conventional backfill and CLSM-CDF will be made.
Consider a roadway trench with the following dimensions:
width, 3 ft; depth, 6 ft; and length, 40 ft. The total backfill
material requirement is 26.67 yd* less the pipe’s displaced
volume. Cost comparisons are given in Table 6, which indi-
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cates that CLSM-CDF is comparable with conventional back-
fill costs where compaction in lifts is required. Conventional
backfill unit costs in Table 6 were supplied by the Area Paving
Council, Toledo, Ohio. An additional cost advantage would
be realized for CLSM-CDF if the contractor considered OSHA
regulations and total construction project time. Naturally, any
reduction in trench width due to backfilling around and under
a conduit would also favor the use of CLSM-CDF. For ex-
ample, every 1-ft reduction in trench width in this example
represents a backfill cost reduction of $255.64 when using
CLSM-CDF. The trench width reduction is possible because
conventional compaction requires additional access width
around the conduit.

RESPONSE TO TELEPHONE SURVEY

After the contact with the initial 5 ready-mixed concrete pro-
ducers, who assisted in providing material costs information,

TABLE 7 CLSM-CDF SURVEY RESULTS

Company Survey Response
Reference

i Company is now under new ownership and never
heard of controlled low strength material.

2 Didn't know about controlled low strength
material but recommended 3 bag grout. Had no
idea about removability.

3 Didn't know about controlled low strength
material, recommended using 4000 psi concrete.

4 Didn't have such a product.

5 "The product we sell is called K-Krete. Need
strength of 100 psi or less for removability."

6 "can sell you low strength fill. You'll need
strengths of 500 to 1000 psi for removability."

7 "We have a product called Fill Crete. Can't tell
you about strength, but you shouldn't drive on
ity

8 "We don't have such a product."™ Suggested I call
company referenced as "5".

9 "We have flowable fill but can't tell you
anything about compressive strength...call back
later."

10 "Yes, we can supply. You'll need at least 500

psi strength.

Our product is called U-Crete."

Note: Same question asked of each ready mixed cuncrete

producer.

"Do you have a product to backfill a washed out area
under a floor? I've heard of a flowable, controlled low
strength material that could be used. If so what would
be the estimated 28 day compressive strength?"
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another 10 ready-mixed concrete producers in Ohio were con-
tacted. The second group was from a different area in Ohio.
The 10 producers all sold to the same market area. The survey
results are given in Table 7 and indicate the need for the
dissemination of information about CLSM.

SUMMARY

The purpose of this paper was to furnish a cost determination
method for CLSM mixtures. During its preparation, other
problems were discovered:

® Lack of general knowledge about all CLSM mixtures by
ready-mixed concrete producers,

e Misunderstanding by contractors about how a CLSM mix-
ture could help reduce construction costs,

e Unrealistic pricing of CLSM mixtures by ready-mixed
concrete producers, and

e Limited knowledge in the construction industry about the
use of fly ash in various construction materials.

The cost determination method provided should help es-
tablish a realistic and competitive price for all CLSM mixtures.
The major cost factor for CLSM is the aggregate filler. The
finding of a suitable, less expensive, nonstandard aggregate
filler material can result in a satisfactory product at a low cost
while conserving other building materials.
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Development of an Impact Cone
Penetration Device for Backfill Evaluation

A. P. S. SELVADURAI AND B. BAkHT

The results of a series of preliminary studies that were conducted
to develop a penetration device to be used in the assessment of
the in situ condition of backfill materials behind the conduit wall
of soil-steel structures and in other buried conduits are described.
In particular, the methodologies associated with the design of an
impact cone device and the results of a series of preliminary tests
conducted on dense sand and loose granular soils are discussed.

Large-span metallic soil-steel structures and buried flexible
conduits are used extensively as alternatives to conventional
bridge structures for highway and rail overpasses. These struc-
tures are composed of corrugated metal and can occupy spans
of up to 45 ft (I-4). The corrugated metal plate sections are
typically ¥ to ¥4 in. thick, depending on the size of the arch,
with 6- X 2-in. corrugations. The mechanical response of
these structures in situ is dominated by the interaction be-
tween the flexible corrugated metal and the rclatively com-
pressible compacted soil placed adjacent to it. The soil me-
dium is designed and placed to provide the relative stiffness
necessary to generate full capacity of the soil-steel structure
predominantly through shell action. Although the backfill ma-
terial is usually placed to a given compaction specification,
during the lifetime of the structure it can experience either
compaction or loosening because of additional nonuniform
surcharge imposed by compaction equipment or traffic loads.
In addition, processes such as groundwater tlow, frost action,
and the attendant removal of fine particles can lead to re-
ductions in the density of the backfill. In certain older soil-
steel structures, inadequate material specification or com-
paction control has led to in situ backfill with loose regions
of both cohesive and granular soils. The changes in the con-
dition of the backfill can have a significant influence on the
interaction behavior of an embedded flexible soil-steel struc-
ture. In extreme situations, reduction in deformability char-
acteristics of the backfill has led to excessive deflections of
the soil-steel structure, causing loss of serviceability or col-
lapse of the structure by buckling (5). Evaluation of the in
situ condition of the backfill adjacent to flexible soil-steel
structures is therefore of fundamental importance to the as-
sessment of the integrity of such structures.

Because of the cohesionless nature of conventional backfill
materials and their free-draining granular particulate structure
(e.g., dense sands, crushed granular A aggregate, etc.), it is
not possible to retrieve samples for purposes of laboratory

A. P. S. Selvadurai, Department of Civil Engineering, Carleton Uni-
versity, Ottawa, Ontario, Canada K18 5B6. B. Bakht, Research and
Development Branch, Ministry of Transportation, Downsview, On-
tario, Canada M3M 1J8.

testing. Conventional testing philosophies (6-9) strongly ad-
vocate the use of in situ testing techniques for evaluation of
in situ properties of granular materials such as backfill. Four
types of in situ testing techniques, applicable predominantly
to granular soils, are cone penetration testing, flat plate dila-
tometer testing, screw plate testing, and pressuremeter testing.

Cone penetration devices have been successfully used in
geotechnical engineering practice for the evaluation of in situ
properties of granular soils (/0—16). In cone penetration
methods static or dynamic testing techniques are used to eval-
uate either elementary in situ properties, such as relative den-
sity and void ratio, or, through empirical correlations and
theoretical developments, the deformability and shear strength
characteristics of granular materials. Both dynamic and static
cone penetration techniques have been successfully used in
the in situ measurement of properties of dry granular soils,
cohesive soils, and frozen soils. No attempt is made herein
to provide a complete bibliography on the subject of pene-
tration testing. Other sources (10-16) and, where relevant,
the conferences associated with them cite in excess of 500
further sources dealing with penetration testing. Extensions
of conventional cone penetration testing are achieved through
the piezocone test (17).

Pressuremeter testing techniques (18-20) have also been
successfully applied to determine the deformability and shear
strength characteristics of granular soils such as sands, silty
sands, and, on certain occasions, sandy gravels. Pressure-
meter testing techniques [either full displacement (21) or self-
boring (I8)] arc expensive and are considered nonroutine.
Furthermore, the relative particle sizes associated with gran-
ular backfill compacted adjacent to a soil-steel structure (the
ratio of the diameter of a pressuremeter to largest particle
size can be of the order of 3 to 5) are such that conventional
pressuremeter testing would be of limited reliability. For this
reason pressuremeter testing can be advocated for situations
where the backfill consists of fine granular materials such as
sandy silt or sandy clay.

In recent years flat plate dilatometer testing has gained
popularity in connection with in situ testing of both granular
and cohesive soils. The details of this test procedure are given
elsewhere (22,23). In the flat plate dilatometer test, a highly
flexible diaphragm is activated by internal pressurization of
the device. The deflections of the membrane are then inter-
preted to estimate parameters such as relative density, void
ratio, deformability characteristics, and so forth. Despite the
highly speculative nature of the interpretation schemes, the
device would be of limited practical use in in situ testing of
backfill. The reliability of the membranes and their defor-
mations would be limited in tests of granular materials con-
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taining relatively large particles with dimensions on the order
of the diameter of the flexible diaphragm used in the test
device.

The screw plate test is versatile and has been used exten-
sively for determination of the in situ strength and deform-
ability characteristics of both granular and cohesive soils (24—
30). The device involves the insertion of a helical plate into
the soil with a minimum of soil disturbance and its subsequent
load testing. Here again, the granular structure of a typical
backfill restricts the application of screw plate testing to sit-
uations in which mechanical devices (e.g., power augers) are
available for the insertion of the screw plate and appropriate
reaction devices (e.g., anchorages) are available for the ap-
plication of the loads.

Owing to the preceding factors, in situ testing of backfill
material has to be performed in such a way that the condition
of the backfill can be determined at a variety of locations
adjacent to a soil-steel structure with relative ease. As a pre-
liminary study toward achieving this objective, the adapta-
bility of in situ penetration testing techniques for the evalu-
ation of the backfill condition adjacent to soil-steel structures
was investigated. The objective of the laboratory testing pro-
gram was to develop a procedure whereby the relative density
of the backfill could be evaluated by performing a penetration
test. It is assumed that with a knowledge of the in situ relative
density characteristics of a backfill, its strength and deform-
ability characteristics can be estimated through laboratory
tests on samples of the granular material that are compacted
to the measured relative density. The stages in the develop-
ment of the laboratory device for impact penetration testing
are summarized. The dynamics of projectiles penetrating geo-
logical media has attracted the attention of engineers and
scientists for almost the past three centuries (31-35). Certain
preliminary results of impact penetration tests conducted on
moist dense sand and loosely placed crushed granular A ag-
gregate are presented.

EXPERIMENTAL INVESTIGATIONS

The primary objective of the study was to develop a relatively
simple testing technique wherein a cone penetration device
is inserted into a compacted granular soil adjacent to a rigid
or flexible structural boundary. The boundary represents the
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conduit wall of a soil-steel structure. The constraints imposed
on the penetration testing methodology were the following:
(a) the orientation of the penetration device should be ap-
proximately normal to the plane of the rigid boundary, (b)
the penetration device should be driven without the aid of a
reaction frame, and (c) the energy imparted to the penetration
device should be standardized and controllable. Two types of
penetration tests were performed with these constraints in
mind. The test procedures are outlined in the ensuing sections.

Cone Penetration Device

A number of cone penetration devices are used in in situ
testing of both granular and cohesive soils. The devices are
characterized in relation to the angle of the cone device, which
can range from 30 to 60 degrees. In this investigation, the
cone angle was set at 60 degrees, and the diameter of the
cone device was 1.4 in. Details of the stainless steel cone
penetration device are shown in Figure 1. The cone section
of the device was attached to a load cell to measure loads
applied to the cone tip during an experiment. In this series
of preliminary tests, however, no attempt was made to mea-
sure the loads induced at the conical tip of the penetrometer.
The device has appropriate couplings that allow the connec-
tion to loading devices.

Loading Procedures

Two types of horizontal cone penetration tests were con-
ducted with the device. In the first type of test, the cone
penetration device was attached to a horizontally mounted
MTS servo-controlled hydraulically driven actuator, which
can apply a constant rate of penetration of 0.1 in./min. Details
of the experimental procedure are shown in Figure 2. In this
loading procedure a load cell attached to the actuator is used
to measure the total load acting on the cone penetration de-
vice. The tests were carried out in a concrete test tank 60 in.
long, 36 in. wide, and 48 in. deep (Figure 2). The reaction
frames required for the application of the loads were attached
to the test tank. The second series of tests involved the ap-
plication of an impact load to the penetration device. The
device used for the application of the impact load was a Low
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FIGURE 1 Details of the cone penetration device.
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FIGURE 2 Penetration testing facility: constant rate of penetration of

the cone device.

Velocity Powder Actuated Tool (HILTI Model DX 36M).
The energy input to an impact was controlled by the selection
of a charge type (HILTI Cartridge #2; Brown Extra Light;
No. 000502906 CAL. 27 Short). Special couplings were de-
signed to guide the energy of the impact to the penetration
device. Figures 3 and 4, respectively, show the facilities and
the stages in the application of the impact load to the cone
penetration device.

Testing Facilities

The quasi-static penetration tests that used the MTS device
were performed in the test facility shown in Figure 2. The
inside of the tank was lined with stainless steel sheets, and a
metal plate was incorporated at the region where the cone
penetration tests were performed. The entry point for the
cone penetration device was cut out in the metal plate, and
an aluminum foil barrier was installed. To prevent extrusion
of the soil through the aluminium foil barrier during com-
paction, a solid cap was installcd flush with the inner face of
the metal plate. Using this procedure, adequate compaction
of the soil was achieved in the vicinity of the rigid plate without
damage to the soil retention barrier and the attendant loos-
ening of the soil in thc conc penetration zone. The impact
cone penetration tests were performed in a test tank mea-
suring approximately 95 X 83 in. in plan area and 72 in. in
depth. The details of the test facility are shown in Figure 5.
The end sections of the facility were fabricated of steel channel
sections. A channel section near the base of the test tank was
provided with circular cutouts for conducting the cone pen-
etration tests. Altogether three slots were provided on each
side of the test tank. The locations of the penetration test are
shown in Figure 5. Here again, the apertures in the channels
were provided with the metal foil-metal plate rcstraining
system to allow retention of the soil during compaction and
penetration testing. In the impact cone penetration tests, the
cone device was guided through a teflon-lined aluminum hous-
ing. The housing was directly attached to the end-channel
sections of the test tank.

Material Preparation

Two types of granular materials were used in the investiga-
tions. The first was classified as a mortar sand (D,, = 0.01

in., C, = 3, and C, = 0.95). The mortar sand was used in
both test tanks shown in Figures 2 and 5. Because of the small
dimensions of the tank shown in Figure 2, it was not feasible
to use mechanical methods for the compaction of the sand.
The sand was compacted manually using a tamper weighing
12 1b and a standard number of impacts applied by a free fall
from a height of approximately 6 to 9 in. This compaction
scheme has been used effectively in other experiments, and
the resulting density can be controlled reasonably accurately
(36,37). In the experiments involving constant rate of pene-
tration of the cone penetration device, the mortar sand was
compacted to a bulk unit weight of 170 Ib/ft* at a moisture
content of approximately 4.5 percent. The density of the com-
pacted mortar sand was measured using a nuclear density
meter (TROXLER 3401). The compaction of the sand in the
larger test tank was carried out by using a vibratory plate
compactor (Vibroplate MIKASA 52G), which makes it pos-
sible to attain good compaction of the moist sand at the end
regions of the test tank, where the cone penetration tests will
be conducted. Using the vibratory plate compactor, the moist
sand was compacted to a bulk unit weight of 117 1b/ft>. Again
in this case the nuclear density meter was used to ascertain
the in situ density of the compacted moist sand. A crushed
granular A material (D,, = 0.008 in., C, = 50, and C. =
3.1) was also nsed in this series of preliminary investigations.
The material was placed in a loose state and manually com-
pacted with a tamper. Because of the loose placement of the
crushed granular A material, it was not possible to attain good
control of density within the compacted regions. The bulk
unit weight of the granular A material varied from approxi-
mately 107 to 112 Ib/ft®. These two extreme density variations
were observed at the end regions of the test tank, the locations
for the penetration tests.

EXPERIMENTAL RESULTS AND DISCUSSION

Three experiments were performed in which cone penetration
into the compacted sand was achieved at a constant rate of 0.1
in./min. Figure 6 shows the variation of the load-displacement
response for the cone penetration device. The penetration
resistance has a characteristic shape indicated by a near-
bilinear form. The first linear portion roughly corresponds to
the complete penetration of the conical part of the device into
the compacted sand. The second linear portion of the load-
displacement curve is indicative of the frictional resistance
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testing.

generated along the cylindrical portion of the penetrating de-
vice. The maximum load measured in the test was about 1,600
Ib and occurred at a penetration of approximately 4D, where
D is the diameter of the cone.

The results of the impact cone penetration tests conducted
on both dense moist sand and loosely placed granular A ma-
terial are shown in Figure 7. The results for the normalized
penetration values are plotted as a function of the number of
impacts applied to the device. The results derived from tests
conducted on compacted mortar sand indicate a great deal of
uniformity. In these tests the maximum cone penetration for
tests conducted in dense sand was about 2D, and for tests
conducted in loosely placed granular A it was about 3.8D.

CONCLUSIONS

The evaluation of the condition of a backfill behind the con-
duit wall of a soil-steel structure is an important consideration

in the assessment of the load-carrying capacity of the soil-
steel structure. Accurate assessment of the backfill condition
can lead to an improved estimate of the integrity of the soil-
steel structure system. In situ testing techniques offer the most
reliable means for estimating the condition of the backfill.
The most convenient method for evaluating the condition of
the backfill nearest the conduit is to introduce the testing
device through the conduit wall. The alternative method of
introducing the testing device through the top of the em-
bankment is both time-consuming and expensive. Further-
more, the interpretation of such a test must take into consid-
eration the influence of a flexible soil-steel structure. The
technique of introducing the testing device through the con-
duit wall limits the use of many of the conventional methods
of in situ testing, such as the pressuremeter, screw plate, flat
plate dilatometer, and so forth.

Cone penetration tests offer a suitable alternative to the
aforementioned in situ tests. The conventional modes of cone
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FIGURE 4 Stages in the impact cone penetration testing.

penetration testing invariably focus on techniques in which
the cone penetration is vertical and suitable reaction frames
are available for the application of the loads. With regard to
backfill testing through the conduit wall of the soil-steel struc-
ture, these procedures are of limited applicability. Further-
more, the constraints of ease of use and portability of testing
equipment necessitate development of an impact cone testing
device. The primary objective is to ascertain the condition of
the backfill by correlating the penetration resistance of an
impact cone device with the relative density of the backfill.
'I'ne stages in the develpment of an impact cone penetration
device tested under laboratory conditions have been docu-
mented. The laboratory studies included the design of a cone
penetration device and the identification of a method of ap-
plying impact loads to the cone device. The results of the
preliminary laboratory studies indicate that the impact pen-

etration resistance, as indicated by the penetration ratio A/D
(where A is the penetration and D is the diameter), at impacts
in excess of 20 exhibit a reasonably linear variation, and the
slope of the plot of A/D versus N can be used as an indicator
or penetration resistance index for the relative density of the
granular material.

As emphasized previously, the impact penetration testing
scheme described is a preliminary laboratory investigation
that requires further laboratory study and field verification.
The future research program could include the following:

1. Development and standardization of the dimensions of
the cone and its materials,

2. Standardization of the impact energy input to the cone
penetration device and the evaluation of the rate of energy
input by force-velocity measurements,
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3. Extensive laboratory studies involving sand and crushed
gravel that are compacted to specified densities at known
moisture contents,

4. The development of correlation between relative density
and penetration resistance for various granular backfill
materials,

5. Extension of the studies to include poor-quality backfill
materials,

6. Adaptation of the impact cone penetration device for in
situ use,

7. Field trials involving the impact cone penetration device
and existing and newly constructed soil-steel structures, and

8. Theoretical evaluation of the penetration mechanics of
the impact cone penetration device.

ACKNOWLEDGMENTS

The work described in this paper was supported in part by a
research contract awarded by the Ministry of Transportation
of Ontario, Downsview, Ontario. The author appreciates the
valuable advice and assistance given by K. C. McMartin of
Carleton University and L. Fearn, L. McLeod, and Yue Sheng.

REFERENCES

1. Transportation Research Record 878, TRB, National Research

Council, Washington, D.C., 1982 (entire issue).

. J. M. Duncan. Behavior and Design of Long-Span Mctal Cul-
verts, Journal of the Geotechnical Engineering Division, ASCE,
Vol. 105, 1979, pp. 399-418.

. B. Bakht. Soil-Steel Structure Response to Live Loads. Journal
of the Geotechnical Engineering Division, ASCE, Vol. 107, 1981,
pp. 779-798.

. J. M. Duncan and J. K. Jeyapalan. Deflection of Flexible Cul-
verts due to Backfill Compaction. In Transportation Research
Record 878, TRB, National Research Council, Washington, D.C.,
1982, pp. 10-17.

. B. Bakht and A. C. Agarwal. On Distress in Pipe-Arches. Ca-
nadian Journal of Civil Engineering, Vol. 15, 1988, pp. 589-595.

2

10.

11,

12,

13,

14.

15z

16.

17

18.

20

. In Situ Measurement of Soil Properties. Proceedings of the ASCE
Special Conference, Vols. 1 and 2, Raleigh, N.C., 1975.

. M. C. Ervin (ed.). In Situ Testing for Geotechnical Investiga-
tions. Proceedings of the Extension Course, Sydney, Australia,
A. A. Balkema, Rotterdam, the Netherlands, 1983.

. A. S. Balasubramaniam, S. Chandra, and D. T. Bergado (eds.).
Recent Developments in Laboratory and Field Tests and Analysis
of Geotechnical Problems. Proceedings of the International Sym-
posium, Bangkok, Thailand, A. A. Balkema, Rotterdam, the
Netherlands, 1986.

. J. H. Schmertmann. Guidelines for Cone Penetration Test Per-

formance and Design. FHWA, Report FHWA-TS-78-209. U.S.

Department of Transportation, 1978.

A. Verruijt, F. L. Beringen, and E. H. de Leeuw (eds.). Pen-

etration Testing. Proceedings of the 2nd European Symposium

on Penetration Testing, Amsterdam, Vols. 1 and 2, A. A. Bal-

kema, Rotterdam, the Netherlands, 1982.

C. P. Wroth, The Intcrpretation of In Situ Soil Tests, 24th Ran-

kine Lecture. Geotechnique, Vol. 34, 1984, pp. 449-489.

A. W. Skempton. Standard Penetration Test Procedures and the

Effect in Sands of Overburden Pressure, Relative Density, Par-

ticle Size, Ageing and Overconsolidation. Geotechnique, Vol. 36,

1986, pp. 425-447.

J. K. Mitchell. New Developments in Penetration Tests and

Equipment. Proceedings of the International Symposium on Pen-

etration Testing I, Vol. 1, 1988, pp. 245-261.

C. P. Wroth. Penetration Testing— A More Rigorous Approach

to Interpretation. Proceedings of Penetration Testing, ISOPT,

Orlando, Fla., Vol. 1, 1988, pp. 303-311.

M. Jamiolkowski and P. K. Robertson. Future Trends for Pen-

etration Testing. Proceedings of the Geotechnology Conference

on Penetration Testing, Birmingham, United Kingdom, Thomas

Telford, 1988, pp. 321-342.

D. A. Ardus (ed.). Offshore Site Investigation. Proceedings of

a Conference, Graham and Trottman, London, 1980.

J. M. Konrad and K. T. Law. Undrained Shear Strength from

Piezocone Tests. Canadian Geotechnical Journal, Vol. 24, 1984,

pp. 392-405.

D. Windle and C. P. Wroth. In Situ Measurement of the Prop-

erties of Stiff Clays with Self-Boring Instrument. Proceedings of

the 9th International Conference Soil Mechanics and Foundation

Engineering, Tokyo, Vol. 1, 1977, pp. 347-352.

. F. Baguelin, J. F. Jezequel, and D. H. Shields. The Pressuremeter
and Foundation Engineering, Trans Tech Publications, Clausthal,
1978.

. A. P. S. Selvadurai. Large Strain and Dilatancy Effects in a



Selvadurai and Bakht

21.

22.

23.

24,

25.

26.

27.

28.

Pressuremeter. Journal of Geotechnical Engineering, ASCE, Vol.
110, 1984, pp. 431-436.

J. M. O. Hughes and P. K. Robertson. Full Displacement Pres-
suremeter Testing in Sand. Canadian Geotechnical Journal, Vol.
22, 1985, pp. 298-307.

S. Marchetti. In Situ Tests by Flat Plate Dilatometer. Journal of
the Geotechnical Engineering Division, ASCE, Vol. 106, 1980,
pp. 299-321.

A. J. Lutenegger. Current Status of the Marchetti Dilatometer
Test. Proc. International Symposium on Penetration Testing, Vol.
1, 1988, pp. 137-155.

O. Kummeneje and O. Eide. Investigation of Loose Sand De-
posits by Blasting. Proc., 5th International Conference on Soil
Mechanics and Foundation Engineering, Paris, Vol. 2, 1961, pp.
491-497.

R. Dahlberg. Settlement Characteristics of Preconsolidated Nat-
ural Sands. Report ISBN 91-540-2410-2. National Swedish In-
stitute for Building Research, Stockholm, Sweden, 1975.
A.P.S. Selvadurai and T. J. Nicholas. A Theoretical Assessment
of the Screw Plate Test. Proc. International Conference on Nu-
merical Methods in Geomechanics, Aachen, Germany, Vol. 3,
1979, pp.1,245-1252.

A. P. S. Selvadurai, G. E. Bauer, and T. J. Nicholas. Screw
Plate Testing of a Soft Clay. Canadian Geotechnical Journal, Vol.
17, 1980, pp. 465-472.

A. P. S. Selvadurai. On the Screw Plate and Auger Testing of
Soft Clay. Proc. International Symposium on Soil and Rock In-
vestigation by In Situ Testing, Paris, Vol. 2, 1982, pp. 379-384.

29

30.

31.

32.
33.

34.

35.
36.

37.

45

. A. P.S. Selvadurai. The Use of Auger-Type Devices for the In
Situ Testing of Soft Sensitive Clays. Geotechnical Engineering,
Vol. 15, 1984, pp. 59-70.

A. P. S. Selvadurai and K. R. Gopal. Consolidation Analysis of
the Screw Plate Test. Proc. 39th Canadian Geotechnical Confer-
ence, 1986, pp. 167-178.

L. Euler. Neue Grundsatze der Artillerie. Berlin. Reprinted as
Euler’s Opera Omnig. Druck und Verlag von B. G. Teubner,
Berlin, 1922.

B. Robins. New Principles of Gunnery. London, 1742.

W. A. Allen, E. B. Mayfield, and H. L. Morrison. Dynamics of
a Projectile Penetrating Sand. Journal of Applied Physics, Vol.
28, 1957.

M. E. Backman and W. Goldsmith. The Mechanics of Penetra-
tion of Projectiles into Targets. International Journal of Engi-
neering Science, Vol. 16, 1978, pp. 1-99.

M. J. Forrestal. Penetration into Dry Porous Rock. Infernational
Journal of Solids and Structures, Vol. 22, 1986, pp. 1,485-1,500.
A. P. S. Selvadurai. The Enhancement of the Uplift Capacity of
Buried Pipelines by the Use of Geogrids. Journal of Geotechnical
Testing, ASTM, Vol. 12, 1989, pp. 211-216.

A. P. S. Selvadurai and C. T. Gnanendran. An Experimental
Study of a Footing Located on Sloped Fill; Influence of a Soil
Reinforcement Layer. Canadian Geotechnical Journal, Vol. 26,
1989, pp. 467—-473.

Publication of this paper sponsored by Committee on Subsurface Soil-
Structure Interactions.



46

TRANSPORTATION RESEARCH RECORD 1315

Structural Performance of an Aluminum

Box Culvert

J. O. Hurp, S. M. SArRGaNnD, G. A. HazeN, AND S. R. SUHARDJjO

Corrugated metal box-type culverts are increasingly used as re-
placements for short-span bridges. Their lightness, relatively easy
and quick transportation and construction procedures, and lower
cost make them attractive in many instances for short-span bridges.
Because they are flexible, the flexural stiffness and moment ca-
pacity of the structural plates are increased with stiffeners placed
along the length of the culvert. A corrugated box culvert carries
most of its load through interaction between the culvert and
the surrounding backfill. Results of field tests performed on an
aluminum low-profile, box culvert during the construction se-
quence and live load application are evaluated, experimental re-
sults are compared with results obtained from the CANDE finite
element computer program solutions, stress disruption at bolts is
evaluated, and the composite action between rib and plate is
determined.

The soil-structure interaction problem involves complex non-
linearity that is due to the contact between the culvert and
the backfill materials and the stress-strain behavior of geologic
media surrounding the culvert. The performance of corru-
gated box-type culverts is influenced by several factors, such
as geometry, construction sequences, structural joint slippage,
type of backfill material, and degree of compaction (7). Sev-
eral previous investigations have contributed to the analysis
of box culverts.

Duncan et al. (2) performed finite element analysis to de-
velop design equations for crown and haunch moment ca-
pacities. Their analysis was performed on aluminum box-type
culverts with different spans and rises when subjected to vary-
ing cover depths and live loads. They conducted a full-scale
field test on a stiffened box-type culvert, and results were
compared with finite element analysis. On the basis of this
study, a simplified design method for determining the bending
moments at the haunch and crown region for different spans,
cover depths, and vehicle loads was proposed.

Hurd and Sargand (3) measured the geometry of various
sizes and shapes of culverts in service for many years. They
analyzed the culverts with the CANDE program and con-
cluded that the variation between design and true geometry
has a significant effect on deflection, moment, and thrust.

Beal (4) instrumented a corrugatcd aluminum culvert at 16
locations spaced around the structure’s circumference at mid-
span. Corrugated aluminum plate with reinforcing ribs was
also tested in the laboratory. From the field and laboratory
tests and analytical results, Beal concluded that for deeply

J. O. Hurd, Ohio Department of Transportation, 25 South Front
Street, Room 620, Columbus, Ohio 43215. S. M. Sargand, G. A.
Hazen, and S. R. Suhardjo, Department of Civil Engineering, Ohio
University, Athens, Ohio.

buried culverts (a) backfill placement sequence results in dis-
tortion of culvert shape; (b) live load stresses were small
compared with dead load stresses; and (c) computed design
estimates of thrusts were greater than measured values, and
computed design estimates of moments were less than mea-
sured values. Curvature was measured to determine plate
moments, because thrust was assumed to be negligible.
Seed and Ou (5) concluded that a higher degree of com-
paction significantly improves the agreement between field
measurements and finite element analysis. Moreover, finite
element analysis that does not model compaction greatly
underestimates culvert deformations, stresses, and axial thrusts.

FIELD STUDY

‘I'he aluminum box culvert selected for testing has a span of
14 ft 10 in., a rise of 4 ft 10 in., and a length of 42 ft. The
crown and the sides were constructed of corrugated aluminum
plates 0.2 and 0.175 in. thick, respectively. The corrugation
has a 9-in. pitch and a 2.5-in. depth with Type IV bulb-angle
stiffening ribs located every 18 in. at the crown and Type II
stiffening ribs every 27 in. at the side. All the ribs were bolted
on the outside plate only. The ends of the structural plate
were anchored into a 3- X 3-ft reinforced concrete strip foot-
ing on either side.

Six sections were chosen across the mid-length to measure
strains, as shown in Figure 1. It was assumed that bending
and normal stresses on the rib occur in the direction of its
length, because the culvert is flexible transverse to this axis.
The structural plate is characterized by a biaxial strain field.
At each section, two biaxial strain gauges were attached to
the inside corrugated plate, and two uniaxial gauges were
attached to the outer rib, as shown in Figure 2.

The strain gauge rosette patterns were installed near three
bolt holes, as shown in Figure 3, to evaluate the stress con-
centration around the bolts. A total of 30 rosette gauges were
mounted. At each of the bolt hole locations, the strain gauge
rosettes were installed at 0-, 45-, and 90-degree planes clock-
wise with respect to the horizontal culvert axis across the
corrugation where the rib is attached. Five vibrating wire
strain gauges were cemented on the inside plate, and four
more were cemented on the outer rib. Two horizontal rod
extensometers at the springline of both sides of the culvert
and two more 6 in. above the crown in the soil cover were
installed to monitor soil movements.

Eleven points were established around the culvert periph-
ery as shown in Figure 4 to measure deflections. Measure-
ments were made using a tape extensometer with respect to
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two reference points located in the streambed. The move-
ments of these reference points were monitored by level cir-
cuit surveying.

The initial readings for all measurements were taken when
the fill height and the footing were at the same level. A
gravelling sand backfill material was placed in about 6- to 12-
in. lifts, alternately, on both sides of the culvert. Each lift
was watered and then compacted with vibratory plate com-
pactors. The density was monitored with a Troxler nuclear
density gauge; at least 95 percent of the standard Proctor
maximum dry density was required to continue backfill place-
ment. Readings of strain, displacement, and soil deformation
were monitored simultaneously for each backfill lift. When
the backfill reached 68 in. above the footing or 10 in. above
the top crown, 9 in. of subgrade was placed in two lifts of 4
in. and 5 in. each. This was followed by 1 ft of asphalt pave-
ment in three lifts. Only the first two lifts of 4 in. and 5 in.
were monitored. Th= whole process, from backfilling to pav-
ing, was completed in 11 days. Eight days after the final
pavement was placed, static live load tests were conducted at
five positions to establish the critical loading conditions (see
Figure 5). A series of live loads consisting of 16, 32, and 42
kips was applied to the culvert-soil system by means of a dump
truck loaded on its rear with crushed limestone. The truck
was positioned so that its rear axle was centered at the five
positions. The middle axle tires on both sides were deflated
before any measurements were made.

RESULTS AND DISCUSSION

The crown moved upward during the early stages of back-
filling. The upward movement was due to the lateral inward

FIGURE 4 Deflection measurement circuit.
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pressure of the compacted backfill. As the fill height ap-
proached the crown, the crown began to move downward.
The downward deflection increased with the height of backfill.
Figure 6 shows the downward movement.

Tables 1 and 2 give the soil displacements during backfill
and live load, respectively. It is clear that Rod Extensometers
1 and 2 extended in length during the early stages of backfill.
This trend agreed with deflection results of the sidewall of
culvert, which verified that the sides of the culvert experienced
inward deflection during early stages of backfill. As backfill
material was placed above the crown, Rod Extensometers 3
and 4 also contracted. The results verified that the sides of
the culvert deflected outward after backfill above the crown
level.

During the application of live load, all of the rod extenso-
meters except Rod Extensometer 1 contracted. In addition, live
load position did not have much effect on rod displacements.

Through the backfill process, the culvert was shifted lat-
erally. The lateral shift might be the resnlt of the imbalance
in backfilling procedure and the degree of flexibility of the
culvert structure. The deflections caused by live load alone
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TABLE 1 SOIL DISPLACEMENT DURING BACKFILL

Backfill Height ~ North South North South
(inch) Spring Line  SpringLine  SpringLine  Spring Line

(Rod 1) {Rod 2) (Rod 3) (Rod 4)

20 0.0000 0.0000 - L

28 -0.0002 -0.0107 . -

34 -0.0017 -0.0417 - 2

42 -0.0022 -0.0522 - -

48 -0.0070 -0.0597 - .

52 -0.0113 -0.0662 s £

60 -0.0172 -0.0785 - -

68 -0.0140 -0.0717 0.0217 0.0183

72 -0.0087 -0.0698 0,0250 0.0150

77 0.0005 -0.0650 0.0300 0.0250

81 0.0038 -0.0558 0.0233 0.0603

86 0.0102 -0.0483 0.0655 0.0748

Note: The symbol dash (-) indicates that the data copuld not be obtained
since Rods 3 & 4 were installed when the backfill height reached 68 inches.

TABLE 2 SOIL DISPLACEMENT DUE TO LIVE LOAD

Live Load North South North South
and Spring Line  Spring Line  Spring Line  Spring Line

Position (Rod 1) (Rod 2) (Rod 3) {Rod 4)
16kip 1 -0.0100 0.1733 0.0900 0.0967
2 -0.0100 0.1733 0.0883 0.1000
3 -0.0120 0.1667 0.0867 0.0833
4 -0.0100 01717 0.0867 0.0967
5 -0.0100 0.1733 0.0883 0.0967
32kip 1 -0.0067 0.1767 0.0850 0.1050
2 -0.0067 0.1783 0.0933 0.0917
3 -0.0067 0.1783 0.0950 0.1050
4 -0.0083 0.1767 0.0900 0.1017
5 -0.0083 0.1750 0.0800 0.0967
42kip 1 -0.0005 0.1800 0.1033 0.1200
2 -0.0005 0.1850 0.1000 0.0967
3 0.0000 0.1850 0.1017 0.1133
4 -0.0016 0.1800 0.0950 0.1100
5 -0.0016 0.1800 0.0967 0.0733

were considerably lowcer than those caused by the construction
sequence. Several loading positions were examined. Position
1 gave the maximum crown deflection due to live loads of 16,
32, and 42 kips, as shown in Figure 7. Deflections are within
design tolerance.

A comparison was made between composite and noncom-
posite values of moment and thrust. After comparing the
results and observing disagreement between the composite
and noncomposite values, it was decided to base the analysis
on noncomposite values.

The resulits of the bending moment due to backfill and live
load in all five positions are given in Tables 3 and 4, respec-
tively. The moment at the crown changed sign from negative
before the fill reached the crown to positive after the fill
covered the crown. At the haunch the moments increased in
magnitude with constant negative signs. At the springline the
moment values were small.

Moments are not significant when the backfill is at the
haunch level. Moment is not symmetric during construction.
This may be due to a shift in the culvert during asymmetric
placement of backfill. Moments measured in the sides and
crowns were of approximately the same magnitude. Maximum
moment was observed during asphalt paving. It was found
that the maximum moment occurred during live load appli-



Hurd et al. 49

01 TABLE 3 BENDING MOMENT DURING BACKFILL
= Backfill Bending Moment (kip-ft./ft.) @ Section :
‘:’ Height
5 02 (inch) 1 2 3 4 5 3
3
®
a 12 -0.030 -0.116 -0.193 -0.093 0.036 0.124
s 031 20 -0.001 -0.103 -0.307 -0.158 0.033 0.164
S 28 -0.008 -0.387 -0.263 -0.505 0.012 0.322
34 0.010  -0.421 -0.167 -0.690 0.067 0.351
40 0.024 -0.464 -0.312 -0.667 0.071 0.365
ik 4 i i 48 0.067 -0486 -0065  -0740 0043  0.361
it 20 75 20 o 52 0219  -0463  -0.005 0778 0071  -0.019
(@) Live Load (in Kips) @ Position 1 gg g-gg? :g-g‘s‘g :g-é% :g-?gz :g-%g g-ggg
0.0 72 0.110 -0.831 0.052 0.592 -0.192 0.040
a4 0.084 -0912 0.687 0.700 -0.493 0.049
81 -0.044 -1.415 1.135 1.339 -0.861 0.052
= 86 -0.070 -1.541 1.545 1.364 -0.967 0.014
T o1
]
2
g TABLE 4 BENDING MOMENT DUE TO LIVE LOAD
g 021
S Live Load Bending Moment (kip-ft./ft.) @ Section :
and
Position 1 2 3 4 5 6
03 . . s
10 20 30 40 50
(b) Live Load (in Kips) @ Position 2 16kip 1 0.023 -0219 0220 0164 -0.145  0.096
2 -0.007 -0.040 -0.100 0.143 -0.031 0.085
-0.1 3 -0.050 -0.185 0.173 0.200 -0.130 0.094
4 -0.038  -0.109  0.061 0121 -0076  0.095
N 5 -0,032 -0.040 -0.041 -0.002  -0.081 0.150
& 32kip 1 -0.082 -0.568 0.661 0.216  -0.330 0.100
S oA 2 -0.033 -0.128 -0.254 0.253 -0.152 0.022
% ) 3 -0.143  -0479 0.561 0360 -0.342 0.037
2 4 0118  -0229 0243 0.120 -0.188  0.087
8 5 -0.083 -0.104 -0.029 0.146  -0.107 0.061
- 42kip 1 -0.138  -0.885 0.529 0.768  -0.697 0.066
z -0.31 2 -0.077 -0275 -0.391 0619 -0404 -0.046
G 3 -0.260 -0.654 0.680 0.328 -0.530 0.023
4 -0.195 -0.485 0.290 0.165 -0.436 0.009
5 0137 -0219 -0.032 0.119 -0.234 -0.016
0.4 , . .
10 20 30 40 50
(©) Live Load (in Kips) @ Position 3
64 cation at Position 1. For the live load of 42 kips the moment
was close to the maximum backfill moment.
s Thrust results obtained during backfill and live load appli-
[~ . . . .
= cations are given in Tables 5 and 6, respectively. For the crown
2 region, except during the early stages of backfill, thrusts were
g 02 always compressive, and their magnitude increased with the
c backfill height. At the haunch region, thrusts were negative
§ and small compared with the crown. At the springline, in the
-0.3 T T T
5 oy B 5 3 TABLE 5 AXIAL THRUST DURING BACKFILL
(d) Live Load (in Kips) @ Position 4
Backfill Axial Thrust (kip/ft.) @ Section :
-0.05 Height
(inch) 1 2 3 4 5 3
£ -0.101
s 12 1.70 1.46 173 0.60 1.34 0.26
§ sl 20 1.38 1.75 1.74 0.61 1.48 0.45
s 28 -0.38 5.03 0.05 0.20 2.69 0.87
a 34 -0.48 6.46 0.64 0.03 3.80 0.95
s 40 -0.79 3.06 0.67 0.46 3.98 -1.04
8 -0.20 1 48 -2.07 6.63 -1.34 -0.31 3.60 -0.60
52 -1.56 6.39 -1.15 -0.76 2.88 -3.56
60 -1.39 6.24 -1.30 -0.82 297 -3.22
-0.25 + - . 68 -4.83 5.90 -2.37 241 3.05 -3.10
10 20 30 40 50 72 -4,76 5.92 -5.93 -9.22 3.13 -3.69
(e) Live Load (in Kips) @ Position 5 77 -5.17 6.34 -12.62 -12.66 2.50 -3.51
. 81 -6.46 5.63 -14,32 -16.06 1.78 -4.19
FIGURE 7 Vertical crown 86 -7.19 564 1744  -18.17 0.85 4.61

deflections under live load application.
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TABLE 6 AXIAL THRUST DUE TO LIVE LOAD

Live Load Axial Thrust (kip/ft.) @ Section :
and

Position 1 2 3 4 5 6

16kip 1 -0.562 -1,496 -1.597 -1.775 -1.229 -0.606
2 -0.133 -0.304 -0.725 -1.342 -0.649 -1.470
3 -0.754 -1.017 -0.578 -0.871 -0.982 -0.858
4 -0.376 -0.411 0.039 -0.266 -0,681 0.680
5 0.167 0.050 0.214 -0.679 -0.394 -0.943

32kip 1 -0.580 -2.709 -5.578 -3.758 -2.363 -0.526
2 0450 -0.278 2646 2602 -1.342 -1.910
3 -1.239 -1.756 -1.701 0908 -1418 -0.807
4 -0.644  -0.055 -0.146 0.106 -0.925 -0.294
5 0.349 0.313 0.524 0537 -0.115 -0.491

42kip 1 -1.435  -3.884 -6.737 5782  -3.088 -0.037
2 -0.008 -0.793 -3.534 4205 -2439 -2.311
3 -2.004 -1.838 -1.789 -0.920 -2.040 -0.216
4 -0.798 -0.843 -0.797 0375 -1.575 -0.055
5 0.634 -0.170 0.325 1.421 -2,005 1.414

early backfill stage, negative thrusts developed and became
positive as backfill material height reached 34 in. Thrusts were
found to be largest at Position 3 because of live load appli-
cation. Thrust in the culvert was measured under live loads
of 16, 32, and 42 kips. In this culvert, values of thrust vary
from 3 to 12 kips under a live load of 42 Kips.

Figure 8 shows the transverse and longitudinal stress dis-
tributions at the location of Rosette Group 1 (haunch) with
16-kip live load applied at Position 1. Rosette Group 1 is
located at the last bolt hole of the side rib near the splice that
joined the rib with the crown rib at about 78.5 in. measured

Distance from

Footing

86 inch =57

83.5 inch - 370

81 inch

78.5 inch === -325 J‘Lm zigo0 Ly
=563 -2400

(a) Circumferential Stresses

Distance from

Footing
86 inch 41
83.5 Inch 20
81 inch
78.5 Inch  ------ 130 ﬁ,ERl -90 -95
-5 1780

(b) Longitudinal Stresses

FIGURE 8 Circumferential and longitudinal stresses in
Rosette Group 1 (haunch) with 16-kip live load applied at
Position 1.
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along the curvature from the footing. Rosettes were mounted
at 0-, 45-, and 90-degree planes with respect to the longitu-
dinal direction of the culvert, three rosettes on each plane.

The shear transfer from the rib to the plate is noticeable
as normal stresses diminish in magnitude away from the bolt
hole. That the circumferential stresses were compressive and
decreased in magnitude away from the bolt hole indicates that
the presence of bolt was disrupting the local stress distribu-
tion. Under live loads of 32 and 42 kips applied at Position
1, magnifications of the same trend result.

Hazen et al. (6) conducted a laboratory simulation of the
bolted aluminum box culvert and duplicated the local effect
of the bolted connection that was measured in the field. Their
laboratory test results also indicated the presence of stress
concentrations and local distortion at the bolt location.

FINITE ELEMENT ANALYSIS

The CANDE finite element program was used to predict the
behavior of the structure during backfilling and under live
load application. The Duncan soil model was employed for
in situ soil and backfill material. A total of 11 contruction
increments were used in the simulation of backfill. A 9-in.
layer of subgrade and a 12-in. layer of asphalt pavement,
respectively, were the 12th and the 13th increments. No in-
terface elements were used between the soil and structure.

The equivalent load for analysis was determincd from thc
Duncan method. A small variation in the geometry of a box
culvert has a significant effect on moment and thrust (3). In
this study the true initial shape of the culvert was calculated
from deflection measurement data before the placement of
backfill material. Because the design shape can be fully de-
termined at every point (as opposed to 11 measured points
only), for modeling purposes the design shape was adjusted
to fit the measured shape. Backfill soil parameters were de-
termined from multiaxial and triaxial tests and are given in
Table 7. The parameters were incorporated into the CANDE
analysis.

Final deflection was calculated to be only one-half as large
as measured (as shown in Figure 6). Overall, the CANDE
finite element program predicted the deflection of the box-
type culvert tested with reasonable accuracy when the load is
applied in a monotonically increasing manner, but the accu-
racy of simulation of loading and unloading conditions is
questionable.

The culverts experienced permanent deformation during
construction and usage, causing variation in the response of
the culvert during the application of live load. Consequently,
there was a negative impact on the load capacity of these soil
structures. Finite element analysis gives a symmetric result,
so a shifting of the flexible culvert during backfill, which takes
place in the field, is not duplicated. Maximum moment and
thrusts are recorded at places different from those predicted
by the finite element solution.

The finite element solution for bending moment compares
favorably with the experimental results for the later stages of
fill and when subjected to live load, as shown in Figures 9
and 10. Because the culvert responds noncompositely in the
early stages, it is difficult to compare experimental and com-
posite responses accurately.
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TABLE 7 PARAMETERS FOR DUNCAN’S HYPERBOLIC
SOIL MODEL—BACKFILL MATERIAL

Parameter Symbol General Value CTE Value
Friction angle do 39 degs. 39 degs.
Reduction in
friction angle A 3.0 degs. 5.5degs.
Cohesion intercept c 0 (¢]
Modulus number K 1200 450
Modulus exponent n 1.1 0.35
Failure ratio R¢ 0.70 0.60
Bulk modulus number Kp 350 300
Bulk modulus exponent m 0.25 0.30
Tangent Young's Modulus (Ey):
n & 2
_ [ fJ(l - Sing)( @, - 03)
&= KP“[T,,] [] T 2%Cosg +20,5ing
Tangent Bulk Modulus (B):
g
B= KbP{TJ]
Angle of Internal Friction (¢):
O,
¢=¢,— Aplog ,{73)
2
o
o ¥ =
S
g
X
~ 0
[t
Q
=
(o]
=
1 —
o O Experimental
— Theoretical
2 T T
0 50 100 150
Unfolded Length (in)
FIGURE 9 Bending moment due to
backfill.
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o
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FIGURE 10 Bending moment due to live loads.

51

Measured thrusts, when compared with calculated values,
are inconsistent, as shown in Figures 11 and 12. This results
from the tendency of ribs to be primarily compressive mem-
bers and the plate to be in tension while resisting moment
with a couple action. Thus, moment is only piecewise contin-
uous between bolts. In addition, the soil frictional forces act
to resist thrusts.

CONCLUSIONS

Overall, the culvert’s performance was satisfactory, and finite
element analysis can be used with confidence to analyze and
design these types of structures. However, special consider-
ation should be given to the determination of the geometry
of the culvert, backfill procedures, and true backfill and pave-
ment materials. Several other conclusions that can be drawn
from this study are as follows:

® Crown deflections during backfill were slightly underes-
timated by CANDE.

@ Bending moments during backfill were underestimated
by CANDE.

® Thrust predictions during backfill did not match at all.
The experimental thrusts were scattered, whereas CANDE
predicts only slight variation.

6
o
o
2 -
o 0
<
8 "%
5 -
% -6
= o o Experimental
E 104 = Theoretical
=
o —
<
-14 -
= o
18 I I T I 1

0 20 40 60 80 100 120
Unfolded Length (inch)

FIGURE 11 Axial thrust at the end of paving.

10
8
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b 0
o —— 16 kips
a
g ----- 32 klps
w — 42 klips
(2]
=3
=
(= 1 Experimental
é -20 - a o 16 kips
o o 32 kips
= -1 ® ® 42 Kips
-390 T ar = -1

0 20 40 60 80 100 120
Unfolded Length (in)

FIGURE 12 Axial thrust-unfolded length curves
under live loads.
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® Live load Position 1 was critical with respect to crown
and haunch moments.

e During live load, the crown deflection was underesti-
mated by CANDE. At Position 1, the CANDE prediction
was close to the experimental value, and the CANDE pre-
diction at Position 2 was significantly less than observed.

@ Incremental moments due to the live load at Position 1
were adequately predicted by CANDE for the composite and
noncomposite cases. On the other hand, the effects of the
live load at Position 2 were underestimated by CANDE.

® CANDE underestimated the thrusts for the live load ex-
cept at the north haunch. The prediction for the haunch region
was better than for the crown region.
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Field Performance of Precast Reinforced

Concrete Box Culverts

Joun OweN HURrRD

A visual inspection was undertaken to determine to what extent,
if any, durability problems exist in precast reinforced concrete
box culvert exterior top slabs and joints between box sections
and what measures have been or could be successful in preventing
the problems. From September 1988 through January 1990 133
culverts were inspected throughout Ohio. On the basis of the
results, it is recommended that external joint wrap be provided
on precast concrete box culvert joints, through-bolted guardrail
post connections to box culverts not be permitted, %2-in. cover
be provided over longitudinal reinforcing at mating surfaces at
joints, and top surfaces of box culverts be sealed.

Within the past decade large prefabricated culvert structures
have become economical alternatives to conventional bridges
and cast-in-place box culverts for the replacement of deteri-
orating small bridges. Prefabricated culvert structures include
reinforced concrete arches, three-sided concrete box struc-
tures, four-sided concrete box culverts, corrugated metal long-
span structures, and metal box culverts. The field perfor-
mance of four-sided precast reinforced concrete box culverts
is addressed.

From 1979 to the time of this study the Ohio Department
of Transportation (ODOT) had installed 256 precast reinforced
concrete box culverts ranging in size from 6- to 12-ft spans. The
locations of these structures are shown in Figure 1.

Invert durability of precast reinforced concrete pipe has not
been a problem in Ohio (I-3). Therefore, the invert dura-
bility of precast reinforced concrete box culverts was not ex-
pected to be a problem when they were first used. The flow
in box culverts is less confined, and any corrosive effects from
surface mining or other causes are generally less severe be-
cause of dilution from greater dry weather flow from larger
drainage basins.

Previous work on metal box culverts (4) and structural plate
pipe arches (5) indicates a potential for corrosion at seams
on the top of these shallow structures. This is primarily due
to exposure to water containing deicing salts. Furthermore,
ODOT maintenance experience with cast-in-place concrete
box culverts indicated the existence of reinforcing steel cor-
rosion at joints or cracks. Therefore, questions arose con-
cerning the durability of precast reinforced concrete box cul-
vert external top surfaces and joints between box sections.

This study was undertaken to determine to what extent, if
any, durability problems exist in precast reinforced concrete
box culvert exterior top slabs and joints between box sections
and what measures have been or could be successful in pre-
venting the problems.

Ohio Department of Transportation, 25 South Front Street, Room
620, Columbus, Ohio 43215.

DATA COLLECTION

An inventory of precast reinforced concrete box culverts was
prepared from bid-letting pamphlets for contract installations
and from maintenance records of ODOT force account or
purchase order installations. The following information was
obtained from contract plans and maintenance records and
was verified during field inspection.

® Culvert location: The county, route, and section mile
mark were recorded and the culverts plotted on a highway
map.

® Culvert size: The span and rise of the culvert in feet were
recorded. The culvert spans ranged from 6 to 12 ft.

@ Box type: Either ASTM C850 for culverts with less than
2 ft of cover or ASTM C789 for culverts with 2 or more ft of
cover were recorded.

@ Cover: The height of cover in feet over the top surface
of the box culvert was recorded. The height of cover over the
box culverts inspected ranged from 0.5 to 12 ft.

® Joint material: ODOT specifications allow the use of either
bituminous plastic cement (mastic) joint filler or preformed
butyl rubber joint material for concrete pipe culvert joints.
Joint material for some of the concrete box culverts studied
was limited to butyl rubber. The type of joint material spec-
ified was recorded. The exterior joint gap on the top of all
precast reinforced concrete box culvert joints is filled with
portland cement mortar.

e External joint wrap—surface treatment: The type of treat-
ment used on the top exterior of the box culverts included
complete field-applied membrane waterproofing of the top
surface with multiple layers of asphalt-saturated fabric,
9-in.-wide external joint wrap meeting ASTM C877 with or
without an application of a clear concrete sealant on the ex-
terior top surface, or no treatment at all. Membrane water-
proofing extended 1 ft down the sides of the culverts. The
ASTM C877 joint wrap extended down to the base of the
culvert to provide anchorage. The clear sealant was applied
to the tops and 1 ft down the sides and joints of the box
sections.

® Shear connectors: Although ODOT no longer requires
shear connectors on concrete box culverts (6,7), some early
installations of C-850 boxes had shear connectors at culvert
joints. The presence of shear connectors was recorded.

From September 1988 through January 1990, 133 culverts
were inspected. The culvert locations are shown in Figure 2.
Inspection trip itineraries were selected to provide reasonable
coverage of the state while maximizing the number of in-
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FIGURE 1 Locations of precast reinforced concrete box
culverts installed by ODOT.

FIGURE 2 Locations of inspected culverts.

spections per trip. Inspections were conducted until it ap-
peared that as many culverts with varying joint-surface treat-
ments and site conditions as necessary had been inspected to
allow reasonable conclusions to be drawn. The following in-
formation was obtained from field inspections:

® Joint configuration: Specific joint configurations for tongue
and groove joints for precast reinforced concrete box culvert
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sections are not given in either ASTM C789 or ASTM C850.
Therefore, joint dimensions for each culvert were recorded
on a sketch similar to Figure 3.

® Guardrail connections: Where guardrail posts were con-
nected to the culvert top slab, the type of connection, either
inset bolts or through-bolting, was recorded. Connections to
culvert top slabs are used on shallow culverts where no other
mounting method has been proved impact safe by crash tests.

® Joint gap: The typical joint gap between the mating sur-
faces of the box sections was recorded. Any significant dif-
ference in box dimensions at the joint for abutting box sections
was also noted.

@ Steel exposure: Any exposed reinforcing steel on the mat-
ing surfaces of joints or on internal surfaces of the box was
noted. The specified minimum cover over all reinforcement
for internal surfaces is % in. The specified minimum cover
for circumferential wires on mating surfaces is 2 in. Ends of
longitudinal wires may be exposed at mating surfaces. Ends
of spacers and stirrups used to position reinforcement may
also be exposed.

® Manufacturer: Box culvert size, design data, manufac-
turer, and so forth are required to be marked on the culvert.
If this marking was on the interior surface, the manufacturer
was recorded. In many instances, however, the information
was missing or marked on the external surface.

@ Lift hole and guardrail bolt holes: The condition of the
concrete around the bottoms of lift holes and guardrail bolt
holes where through-bolting was used was noted. Any damage
to the concrete was recorded and later subjectively rated as
slight, significant, or severe. Serious spalling around guardrail
bolt holes is shown in Figure 4.

® Joint leakage and corrosion: The evidence of any joint
leakage, road salt deposition, or corrosion of steel was noted

EXTERIOR
TOP OF BOX

GROOVE I TONGUE

bl

INTERIOR

FIGURE 3 Joint configuration
of precast reinforced concrete
box culverts.

FIGURE 4 Spalling of concrete around guardrail bolt holes.
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and recorded. On the basis of ODOT’s experience with bridge
deck and cast-in-place box culvert deterioration, there was
concern that joint deterioration might cause progressive de-
terioration of the culvert tops and affect the condition of the
highway fill or the road surface, or both. Joint leakage was
later rated from photographs and descriptions as slight, sig-
nificant, or severe. Severe joint leakage, salt deposits, and
corrosion are shown in Figure 5.

@ Leakage and corrosion at lift holes and guardrail bolt
holes: The same information taken at joints was taken for lift
holes and guardrail bolt holes.

® Condition of exposed top surface: The condition of ex-
posed box culvert top surfaces outside the pavement or back-
fill was observed. Any spalling or other deterioration or dam-
age was noted. Spalling on the unprotected top surface of one
box culvert is shown in Figure 6.

e Additional information: Other observations, such as cracks
in box sections, knocked-out pieces of concrete at joints, poor-
quality concrete, and so forth, were also recorded.

Observation of the joints on many box culverts was difficult
because additional bituminous plastic cement joint filler had
been spread around the exposed interior joint gap (see Fig-
ure 7). Some ODOT district construction personnel interpret

FIGURE 5 Serious joint leakage, salt deposits, and corrosion.

FIGURE 6 Spalling on top surface of box culvert.
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FIGURE 7 Joint material spread on inside of joint.

the ODOT specifications as requiring this application, whereas
others do not. This not only prevents adequate inspection of
the joint but also may trap moisture and salt in the joint and
induce or aggravate deterioration.

ANALYSES OF DATA

Because the data compiled were qualitative in nature and did
not involve precise numerical measurements, statistical anal-
yses (such as analysis of variance or convariance and regres-
sion analysis) were not performed. Instead chi-square contin-
gency tests of grouped data were used to determine the statistical
significance of relationships between culvert and site param-
eters and culvert performance.

The severity of joint leakage was related to box culvert
manufacturer, culvert type, joint configuration, joint fit, type
of specified joint material, type of joint wrap, culvert location,
culvert age, height of cover, and so forth. The only significant
relation observed was that between the severity of joint leak-
age and the type of joint wrap provided. Table 1 indicates
that use of an external joint wrap (total membrane water-
proofing or ASTM C877 joint wrap) prevented significant
joint leakage. In all cases where leakage was observed on
culverts with wrapped joints, it was limited to one spot on 1
or 2 joints out of approximately 10 joints per culvert.

Unwrapped joints sealed only with mastic or butyl joint
material were ineffective in preventing leakage. This was true
regardless of joint material, joint configuration, or joint fit.
Leakage, salt deposition, and corrosion observed on joints
were limited to the top of the box culvert and did not appear
on the sides. The absence of any relationship between leakage
severity and culvert age is probably due to a combination of
the small age range of the culverts inspected and the ineffec-
tiveness of the internal joint material in preventing leakage.

TABLE 1 JOINT LEAKAGE BY TYPE OF JOINT WRAP

Joint Leakage

Joint Wrap None Slight Significant Severe
Membrane 62 5 0 0
ASTM C-877 8 4 0 0
None 11 15 18 4
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Joint leakage on unwrapped box culvert joints was signif-
icantly worse in northeastern Ohio and grew progressively
less severe toward northwest, southwest, and southeast Ohio,
in that order. Figure 8 shows district groupings used in the
comparisons given in Table 2. Winter weather (both precip-
itation and temperature) decreases in severity from northeast
Ohio in the same counterclockwise direction. No other site
parameter affected the severity of joint leakage on culverts
with unwrapped joints. No significant infiltration of backfill
was observed on any culverts. It appears that the mastic and
butyl joint seals were effective in this regard.

Leakage at lift holes and guardrail bolt holes was also com-
pared with various culvert and site parameters. Full mem-
brane waterproofing prevented leakage through lift holes,
whereas some slight leakage at lift holes was observed on
approximately one-third of the culverts without full mem-
brane waterproofing. No particular factor affecting lift hole
leakage on the culverts without membrane waterproofing could
be identified. It appears that the care used in plugging the lift
hole after the culvert had been set was the sole factor in
determining whether leakage occurred.

Membrane waterproofing did not prevent leakage through
guardrail bolt holes on those culverts with through-bolting of

FIGURE 8 District groupings.

TABLE 2 JOINT LEAKAGE ON CULVERTS WITH
UNWRAPPED JOINTS BY ODOT DISTRICT

Joint Leakage
ODOT District None Slight
3-4-12 1 2 7
1+2 1 3 3
6-7-8-9 1 8 4
5-10-11 8 2 4

Significant Severe

2
1
1
0
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guardrail posts. More than one-half of the culverts with through-
bolted guardrail post connections experienced leakage through
the bolt hole. As with lift hole leakage, no particular factor
affecting leakage could be identified.

The presence of road salt deposits and evidence of rein-
forcing steel corrosion on those culverts having joint, lift hole,
or guardrail bolt hole leakage were compared with various
culvert and site parameters. Although the presence of salt
deposits became slightly more severe with age, no culvert or
site parameter could be identified that affected these condi-
tions. As with metal box culverts (4), it did not appear that
an increase in depth of cover significantly reduced the severity
of road salt deposits or corrosion at joints. Strangely, the
severity of salt deposition and corrosion at joints did not
significantly decrease from the northeast area of Ohio coun-
terclockwise as did leakage, even though salt usage in Ohio
decreases dramatically from north to south.

The severity of salt deposits and corrosion on culverts with
joint, lift hole, or guardrail bolt hole leakage is summarized
in Tables 3 and 4. The evidence of corrosion at the joints is
probably due to exposed longitudinal reinforcement, which
is allowed by the ASTM specifications for precast concrete
box culverts. Approximately 20 percent of the culverts ob-
served had longitudinal steel exposed on the end box section.
This percentage is a minimum estimate of occurrence on all
culvert joints, because observation was based on the end sec-
tions that could be observed. Several end sections were cov-
ered by end treatment such as headwalls and wingwalls.

Corrosion at guardrail bolt holes is in part due to exposure
of steel at the side of the hole. However, more severe cor-
rosion occurs when a large part of the inner reinforcing cage
is exposed by spalling of concrete, as shown in Figure 4.
Seventeen of the 23 culverts with through-bolted guardrail
connections had spalling rated severe or significant around
the bottom of the bolt holes. This is thought to be caused by
the impact of the drill striking the inner cage of reinforcement.

Some spalling was observed in nineteen culverts around the
lift holes, which was probably caused by contact with lifting
devices. However, this spalling was not nearly as severe as
that around the guardrail bolt holes, and it did not expose
the inner reinforcing cage.

TABLE 3 SALT DEPOSITS ON CULVERTS WITH
LEAKAGE AT JOINTS, LIFT HOLES, AND GUARDRAIL
BOLT HOLES

Severity of Salt Deposits

Location None Slight Significant Severe
Joint 9 12 13 3
Lift hole 7 8 2 0
GR bolt hole 5 3 4 1

TABLE 4 CORROSION ON CULVERTS WITH LEAKAGE
AT JOINTS, LIFT HOLES, AND GUARDRAIL BOLT HOLES

Severity of Corrosion

Location None Slight Significant Severe
Joint 20 9 8 0
Lift hole 14 2 1 0
GR bolt hole 8 4 0 1
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ADDITIONAL OBSERVATIONS

Some additional observations concerning general culvert con-
ditions made during the inspections are given in this section.
Surface deterioration of the top slab of the end sections on
nine culverts was observed (see Figure 6). To date this has
been limited to culverts without clear sealant or membrane
waterproofing and with total earth and pavement cover less
than or equal to 3 ft. The deterioration is probably due in
part to exposure to roadway deicing salts. Air entrainment
was suggested as a remedy for the surface deterioration. How-
ever, maintenance of consistent levels of air in the precasting
process has been difficult for other precast structures.

The condition of all culvert inverts was excellent. No de-
terioration due to flow was observed.

Longitudinal hairline cracks were observed on the interior
top slab of one or two sections on seven culverts. These cracks
were much smaller than a 0.01-in. crack used as a structural
design basis for round concrete pipe. In only one case did it
appear that leakage from a joint progressed down the crack.
These cracks did not appear to pose a top slab durability
problem.

To date no problems with progressive top slab deterioration
or highway fill and road surface condition have been observed
on any of the culverts with joint problems. Therefore, no
specific remedial action has been programmed for the im-
mediate future. Large culverts are inspected annually, and
repairs will be scheduled when it appears that joint deterio-
ration poses a threat to the rest of the box culvert top or to
the highway itself.

RECOMMENDATIONS

On the basis of the observations and data analyses performed,
the following recommendations are presented:

1. External joint wrap should be required on the tops and
sides of precast reinforced concrete box culvert joints. If full
membrane waterproofing of the top is provided, it need only
extend 1 ft down the sides of the culvert.

2. A surface sealer (either full membrane waterproofing or
clear sealant) should be required on the external top slab of
precast reinforced concrete box culverts, especially those with
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less than 3 ft of cover. The sealer should extend approximately
1 ft down the sides of the culvert.

3. A minimum cover of % in. over both circumferential and
longitudinal reinforcement should be required at the mating
surfaces of precast reinforced concrete box culvert joints.

4. Lift holes should not be permitted unless full membrane
waterproofing is provided over the precast box sections or
approved joint wrap material is applied over the lift hole.

5. Where guardrail posts must be mounted to the precast
box culvert tops, through-bolting should not be permitted.

6. Additional joint material should not be placed in the
inside of the joint on the top and sides of the box culvert.

7. The manufacturer’s name and required product infor-
mation should be placed on the inside of the precast box
culvert section within the top half of the culvert.
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New Method of Time-Dependent
Analysis for Interaction of Soil and
Large-Diameter Flexible Pipe

KooN MEeENG CHUA AND ROBERT L. LyrTON

Design equations have been developed to predict the pre-yield
deflections, stresses, and strains in buried flexible plastic pipes
over time. The solutions consider the effects of creep in the pipe
material and the surrounding soil and backfill, the water table,
arching, and variable bedding conditions. These equations are
obtained by regression analysis, and results are generated using
a finite element program. The design equations predict pipe de-
flections that are consistent with those obtained in the field over
a period of time. It is shown that the arching of soil surounding
a pipe can be quantified to further appreciate its cause and effects.
The ratio of the pipe’s vertical deflection to its horizontal de-
flection is shown to be an ambiguous way of delining the structural
integrity of nonrigid pipes. Strain level may be a better indicator
of the structural integrity of the pipe than pipe deflection, because
it considers both the bending moments and the thrust in the pipe
wall and can be measured against the allowable strain for that
particular pipe material, Vertical pipe deflections predicted by
the design cquations for different depths of cover as well as for
different time periods are shown to match field measurements
well.

Modern cities require underground pipelines to provide es-
sential utilities, such as wastewater disposal, potable water,
and gas. In recent years there has been a steady increase in
the use of flexible pipes as buried conduits despite the fact
that much is not understood of soil-pipe interaction, especially
their time-dependent behavior. The most common type of
flexible pipe is plastic pipe.

Plastic pipes can generally be classified as thermosetting
plastic or thermoplastic. The first type uses materials such as
glass or sand embedded in a plastic binder. Examples are
reinforced thermosetting resin (RTR) pipe, commonly called
FRP or GRP (fiber-reinforced plastic or glass-reinforced plas-
tic pipe), and reinforced plastic mortar (RPM) pipe. Ther-
moplastic pipes are made from materials such as polyvinyl
chloride (PVC), high density polyethylene (HDPE), and
acrylonitrile butadiene styrene (ABS).

All materials are known to experience a reduction in stiff-
ness with time under an applied load. The reduction in stiff-
ness is usually referred to as relaxation. This property is pro-
nounced for plastic pipe, although it is less obvious in concrete
and most metallic pipes. Hence in the design and use of plastic
pipes, the ability to predict the effects of relaxation of the pipe
and soil on the soil-pipe system is an important consideration.

K. M. Chua, Department of Civil Engineering, University of New
Mexico, Albuquerque, N.Mex. 87131. R. L. Lytton, Department of
Civil Engineering, Texas A&M University, College Station, Tex.
77843.

The use of flexible pipes toward the middle of the century
prompted the development of design procedures. One of the
most widely used is Spangler’s equation (I, pp. 368-369).
Time-dependent solutions were attempted rather crudely by
using a lag factor to increase deflection with time. A new
design procedure that has been developed to predict preyield
deflections, stresses, and strains in buried flexible pipes over
time is presented. The design equations are obtained by
regression analysis, and results are generated by a nonlinear
finite element program and are shown to match measured
field data well.

ENGINEERING PRACTICE AND CONSIDERATIONS
Background

The soil supports the load above a flexible pipe when it is
allowed to deflect and hence generate enough thrust in the
soil elements to form an arch. However, a rigid pipe bears
more of the load itself as the soil relaxes around it. In the
study of soil-pipe interaction, especially soil interaction with
tlexible plastic pipe, an understanding of the factors influ-
encing the arching of the soil surrounding the pipe is a major
objective.

Modeling the Soil-Pipe System

The various ways of modeling the three major components
of a soil-pipe system are the following:

1. Trench model: Flexible pipes are usually buried in prop-
erly prepared trenches. In a design analysis, there are three
distinct soil zones: the in situ soil, which remains undisturbed;
the embedment soil of selected and properly compacted fill,
which is in contact with the pipe and includes the bedding;
and the backfill, which is the disturbed or remolded native
soil dumped and nominally compacted above the pipe. Figure
1 shows a typical configuration of a trench. In a proper anal-
ysis, each soil zone should be assigned its distinctly different
soil properties.

2. Soil model: Design procedures currently in use have lin-
early elastic soils, nonlinearly elastic soils, and viscoelastic
soils. For elastic soils, it is assumed that the stress state will
return to the initial state on unloading. In the case of linear
elasticity, a linear path is assumed. A nonlinear elastic model
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FIGURE 1 Typical configuration of a pipe trench.

that is normally used is the hyperbolic stress-strain model, as
reported by Kondner (2) and Janbu (3) and subsequently used
extensively in engineering applications by Duncan et al. (4).
The use of a nonlinear elastic model allows an unloading-
reloading stress path to differ from the loading stress path,
hence creating a different soil modulus for a soil that has been
remolded and loaded and an undisturbed soil that has under-
gone unloading and then reloading. In view of this, for a pipe
buried in a trench, one should consider assigning the undis-
turbed in situ soil a larger soil modulus than the disturbed
backfill when it is used in an analysis. A viscoelastic model
allows properties such as the soil modulus to be time and
stress-history dependent.

3. Pipe model: Buried pipes are available with smooth-wall
or profile-wall cross sections. The purpose of profile-wall pipes
is to achieve a higher stiffness-to-weight ratio than that of
smooth-wall pipes. In modeling the material modulus of the
pipe, the usual approach is to assume a linearly elastic model.
However, because most flexible pipe materials are polymeric,
the viscoelastic approach is more appropriate.

FORMULATION OF THE DESIGN EQUATIONS

The design equations were developed for the analysis of a
flexible pipe buried in a trench of any width, with or without
the presence of groundwater. The hyperbolic stress-strain model
was assumed for soils in the three zones (see Figure 1). The
design solutions were obtained from a factorial study using
CANDE (5) (a nonlinear finite element code) to generate a
data base of some 720 cases. Before the factorial analysis, the
more influential parameters and variables in the soil-pipe sys-
tem were determined. They were pipe stiffness, which takes
into account the size and the material properties of the pipe;
the properties of the embedment, the backfill, and the native
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soil; the depth of cover; soil arching; trench width; and the
presence of groundwater. Subsequently, the design equations
obtained from the regression analysis were verified by using
several sets of field measurements supplied by a pipe man-
ufacturer (6) and from the literature (7). Predictions that can
be obtained using the design equations include (@) the pipe
vertical deflection with or without groundwater; (b) the ratio
of the pipe vertical deflection to its horizontal deflection;
(¢) the soil vertical and lateral stress at the springline; (d) the
soil support modulus, which is assumed to be represented by
the soil modulus taken at the springline; (¢) the bending mo-
ment of the pipe wall at the crown; (f) the thrust in the pipe
wall at the crown; and (g) the strain in the pipe wall at the
crown, which can be reasonably assumed to be the maximum
pipe strain. The elastic design equations were then trans-
formed into a viscoelastic form, which gives these results as
a function of time as well.

The following sections present the design equations, which
are also used in a microcomputer program called TAMPIPE
(Texas A&M PIPE).

DESIGN EQUATIONS

Pipe Vertical Deflection

It was initially thought that the equation for the pipe vertical
deflection would take the form of Hoeg’s equation (8). The
pipe vertical deflection expressed as a ratio to the average
pipe diameter is given by Hoeg as

1= w5

aD I ,
D 8E,, (3 - 2v,)(1 — 2v)E' @)
1 -v2)D? 123 — 4v,)(1 — v,)

where

w = uniformly distributed load above the pipe,

k = ratio of the lateral to the vertical loading,

v, = Poisson’s ratio of the elastic medium,

v, = Poisson’s ratio of the pipe,

E, = the elastic modulus,

I, = the moment of inertia of the pipe wall,

D = the pipe diameter, and

E’ = the soil modulus.

It is interesting to note that if the Poisson’s ratio of the soil,
v,, is taken to be 0.315, and the pipe is assumed to have a
Poisson’s ratio of 0.0, the equation becomes

AD  0.131w(l - k) 2
D 8E,L/D* + 0.061E' (

which is almost Spangler’s equation without the lag factor. It
appears that the soil used to obtain Spangler’s empirical values
had a Poisson’s ratio of 0.315 and that the bedding constant
in the numerator may well be a function of the Poisson’s ratio
of the soil. The exclusion of a Poisson’s ratio for the pipe
material may explain why Spangler’s equation is inadequate
in modeling buried pipes with very low stiffnesses.
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The design equation that has been developed 1o describe
the pipe vertical deflection follows the same form as Equa-
tion 1:

(1 - ve)

—— = (1 — ApyzW,
8D _ 3Gy O T AW o
D  8E,I L B =20 = WE
(1 - v3)D? 123 — 4v,)(1 — v,)
where
A, = factor representing the amount of arching,
vy = the unit weight of the soil,
z = the depth of cover to the springline, and
W; = a factor to correct for the presence of a water table.

This is the form of the model found in TAMPIPE. The soil
support modulus E’ is the secant modulus of the embedment
soil at the springline, given by

R.(1 — sin $,)o, (o) ]™
g — [ £ NV
E [1 (2¢,cos ¢, + 20,sin ¢e)} "’P”[ P, )
where
¢, = cohesion of the embedment soil,

¢, = angle of shearing resistance of the embedment soil,
K, = soil modulus number (4),

n, = modulus exponent (4),
Ry, = failure ratio (4),
o, = horizontal earth pressure at the springline, and

o, = vertical earth pressure at the springline and is ap-
proximately equal to the minor principal stress, o;.

This stress is represented by the unit weight of the backfill
and the embedment soil above the pipe; the depth of cover
measured to the springline; the pore water pressure; the pipe
stiffness; and the modulus number of the backfill, the embed-
ment, and the native soil. This value can be expressed by

vz/(144 X 12)
Oy = 5
y C[l Z sz % CI3 ( )

where

Cp =12+ (58 x 102 + 458 x 103 x 8E,L/D*
x exp[(4.3 x 107* = 9.0 x 10-% x 8E,I/D?)
x 14.7K,]

and
Ch=12
Cr, =1+ 1.5p,*»

P, = pore water pressure
C;y = 1.7588 X exp( -1.75 X 10 *K,) X 6.9453 x exp(2.10
X 10‘3K,) X K;0.41Xexp(6‘91x10‘41(r)

Il

In this case, K, refers to a representative soil exponent number
that takes into consideration the surrounding soil zones and
the trench width and is given by

K, = K/[1.0 + (T,/D — 1.5)(1.1082 + .0016K,)]

K =0 (6)
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where

K] = —128.7675 + 1.004K, + 42K,/K,
K =0

o, is the lateral earth pressure at the springline and is ap-
proximately equal to the major principal stress, o,. This value
is obtained by multiplying o, by a lateral earth pressure coef-
ficient, K, which again is a function of the modulus numbers
of the soils in the three zones, the pipe stiffness, and the pore
water pressure:

K, =(1—-2.96 x 10-2K%4p ) x (9.3488K;0*K?)
X (1.0122 + 7.11 X 104K, — 3.4 x 10-"K?)
X exp[8E,1/D* x (—0.019048 + 2.28 x 10K,
- 1.14 x 10-8K?)] (7)

Factors Influencing Pipe Deflection

This section indicates how the design equations can be used
to analyze installation cases and how the variables affect
pipe deflections, using high-density polyethylene pipes as
examples.

Pipe Stiffness

This term (PS = 8E,1,/D?) is a tunction of the elastic modulus
or relaxation modulus, the diameter of the pipe, and the
moment of inertia of the pipe wall. Figure 2 shows the
reduction in pipe deflection when the stiffness of a 48-in.-
diameter pipe is increased from 1.2 to 4.0 psi. The deflection
of an 18-in.-diameter pipe (PS = 11.9 psi) is also shown. The
three pipes were installed in a soft native soil [modulus num-
ber (K) equal to 68] with the embedment soil compacted to
85 percent Proctor.

Soil Stiffness

Because the soil modulus (E') is stress dependent, the knowl-
edge of the state of stress of the soil around the pipe is of

g
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FIGURE 2 Vertical deflections for pipes of different
stiffnesses.
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great importance. A soil-pipe system with a soft backfill soil
(K = 68) results in a higher stress level around the pipe and
hence a larger soil modulus. In stiff backfill (K = 1,100), the
stress level of the soil elements around the pipe is lower,
leading to a lower soil modulus (but the imposed load on the
pipe is also smaller). Figure 3 shows how pipe deflections can
be reduced by increasing the degree of compaction on the
embedment soil. Figure 3 also shows the exceptionally high
deflection of a pipe backfilled with soft native soil only, that
is, without any bedding material. The soil modulus resulting
from the interaction between the different types of native soil
and the different degrees of compaction of the embedment
soil is shown in Figure 4.

Soil Arching

The degree of soil arching is described by the term A,, which
can take on values ranging from 1.0 to negative values. This
term is given by

Ap=[1 = (1 = Ap)AL] 8)

where

Ay, =1+ (K, — 622.7) x 4.86 x 1074 !
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FIGURE 3 Vertical deflections of pipes in different
soils.
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and

A, = 0.9054 — 1.07 x 10-2T, + (8.18 x 105 + 6.91
X 10-6T,)K, — [9.61 X 10~5 + 1.30 x 10T,
— (6.75 X 107% + 7.32 X 10-°T,)K,]E’

Figure 5 shows the arching values that can be obtained for
various degrees of compaction in different native soils. It can
be seen that in stiff native soil (K = 1,100), the arching value
is close to 1.0, indicating that little of the imposed load from
above the pipe is transmitted to the pipe. For the pipe sur-
rounded by embedment material of slight compaction and
buried in a soft native soil (K = 68), the arching factor is
about 0.6. For a highly compacted embedment fill in a soft
native soil, the arching factor falls below zero, indicating that
the pipe must bear more load than the overburden pressure.
It can be seen from the figure that the degree of arching tends
to be constant after some depth. It can be shown that a larger
trench width reduces soil arching.

Trench Width

When using a flexible pipe, generally, a trench width of about
1'% times the pipe diameter is preferred. It is not economical
to overexcavate the trench, but sufficient clearance on both
sides of the pipe is required to allow for proper compaction
of the fill. Asindicated earlier, an increase in the trench width
will weaken the arch to be formed. To offset this, the appli-
cation of a higher degree of compaction to the embedment
material is required. In soft native soils, a better way to im-
prove arching and hence reduce deflections is to increase the
degree of compaction and not the trench width alone, unless
soil exchange is the aim, as when organic soil or marine clay
is encountered.

Groundwater

The effects of the presence of a hydrostatic load on the pipe
exterior is a highly complicated consideration. In the design
equation, W;is the factor by which the percent pipe deflection
for the dry case is multiplied to obtain the resultant deflection.
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FIGURE 5 Arching factor of a soil-pipe system in different
soils.
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It is given by

W,=1-0.6718z, + 2.83 x 103z, K, — 4.56 X 10°
x K2z, + 0.252022 — 3.66 X 103K, 22,
X 7.84 X 10-6K222 (9)

where z,, is the ratio of the water table height above the
springline to the depth of cover. As can be seen from Figure
6, the presence of groundwater will increase deflections only
beyond a specific head, which varies with soil modulus. This
is probably because beyond this point, the hydrostatic load
increases faster than the support offered by the soil for the
different depths of cover.

Ratio of Pipe Vertical to Horizontal Deflection

Pipe design engineers have been acutely interested in deter-
mining the ratio of the pipe vertical deflection, D, (an absolute
value), to the horizontal deflection, D,, commonly referred
to as the D,/D, ratio. This is because it has often been in-
accurately presented that all pipes will approach failure if they
do not conform to the ellipitical shape, where the D,/D, or
D, /D, ratio is unity. The form of the regression equation that
was obtained for the D,/D, ratio is

D,/D, =1 - D,/(A, + D,) (10)

where A4, is a function of the pipe stiffness and the modulus
numbers of the soil in the three zones. A regression equation
has been obtained for A,. Figure 7 shows the variation of the
D, /D, ratio with respect to the pipe vertical deflection for
pipes of various stiffnesses. It can be seen that a D, /D, ratio
is of little value if the pipe deflection is not given at the same
time. The horizontal line with the intercept at unity shows
the relationship that can be expected for the D, /D, ratio and
the pipe vertical deflection for a perfectly rigid pipe.

Bending Moment, Thrust, and Strain in the Pipe Wall

The bending moment at the crown (which can be assumed to
represent the maximum bending moment) can be expressed
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K=1100
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x % REDUCTION IN VERT. DIAMETER (DRY)
o
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FIGURE 6 Effects of groundwater on pipe deflection.
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as

M = D E,I(AD/D)/D (11)
where D, is the deformation factor, which is given by

D, =M, XM,

where

M., = (0.2667T, — 0.6) X [3.2227 + 5.7 x 10K,

— 53 x 10°°K2 — (4.4 X 10-% + 5.8 X 10-°K,

— 6.8 x 10-°K?)K,] — (0.2667T, — 1.6)

x [1.8809 + 1.1 x 107°K, — 7.8 x 10-7K?

- (1.4 x 107% — 5.5 x 107 7K,)K,]
M,, = (0.2667T, — 0.6) x [1.3690 — 2.1 x 103K,

+ 1.7 X 10°°K2 — 2.7 x 10K, + 1.6

x 1075K,K, — 1.3 x 10-8K2?K, + 3.5 x 103K2

— 2.0 x 108 x K,K2 + 1.6 x 10-1K2K2

+ (1.94 x 102K, — 2.6 x 10-5K2 — 3.9

x 103K, — 1.3 x 10*K.K, + 1.7 x 10-7K?K,
2.9 x 10-5K2 + 9.9 x 10® x K. K2 + 1.8
10 ©K2K2)p, + (—2.4 x 107K, + 3.3
1075 K2 + 4.9 x 10K, + 1.7 x 10K,K,
2.4 x 10-7K2K, — 2.5 X 10-5K2 — 1.3
10-7K,K2 + 2.4 X 10~ °K2K?)P2]

| X X +

X

The thrust at the pipe crown is given by
T = (Co, + Cp,y,2)DI2 (12)

where

= the unit weight of water,
= (.7285, and
0.9145.

S0
TR

The maximum pipe wall strain that can be assumed to occur
at the crown is defined from the corresponding bending mo-
ment and thrust and is given by

Mc L ‘
“T2EL " AFE, (13)

where ¢ is the distance to the outer fiber from the neutral
axis. Figure 8 shows the variation of the strain at the crown
at different levels of vertical deflection of a 48-in.-diameter
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FIGURE 8 Pipe strains at crown for different in situ soils.

(PS = 1.2 psi) HDPE pipe for various installation cases after
1 year. This suggests that at, say, a 5 percent reduction in
vertical diameter, the pipe material may or may not have
reached yield, implying that a strain criterion rather than a
deflection criterion may be more appropriate as a measure of
the structural adequacy of a buried pipe. If the yield strain is
to be used as the criterion, different types of pipes will be
allowed to have different levels of pipe deflections, because
the yield strain is different.

TIME-DEPENDENT DESIGN EQUATIONS
Viscoelastic Solutions

To model the elastic modulus as a function of time, the power
law is used. It has been used on different types of plastics (9,
pp. 201-221) as well as for rocks (10, pp. 293-301) and for
soils (11,12). In the power law formulation, the relaxation
modulus is given by

E(f) = Eg (14)

where E, and m are constants peculiar to the material.

The constitutive equation used to describe the stress-strain
relationship of nonaging viscoelastic material is given by the
following convolution integral:

E@) = LE(: S, %m (15)

where E(t — 7) is the relaxation modulus as a function of
time ¢ and of the time when the input is applied, 7. The symbol
¢ refers to the step function strain input.

Biot (13) showed that the operational moduli of viscoelastic
solutions can be manipulated algebraically as elastic moduli,
hence establishing the correspondence rule by which “‘the
classical theory of elasticity may be immediately extended to
viscoelasticity by simply replacing their corresponding oper-
ators.” Lee (14) showed that the time variable in the visco-
elastic solution can be removed by applying the Laplace trans-
form (LT), thus enabling it to be expressed in terms of an
associated elastic problem. This is done by taking the LT of
the governing field and boundary expressions with respect to
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time. The resulting expression is the LT of the viscoelastic
solution. Taking the inverse LT of the resulting expression
produces the desired result, which is the viscoelastic solution.

Consider a time-dependent response u(f). Using the ap-
proximate method of the inversion of the LT as proposed by
Schapery (15), the viscoelastic solution is given by

u(t) = [sa(s)];-pu (16)

where s is the variable of integration in the LT. For the case
in which the slope of the logarithm of the response versus
log (¢) is small (=0.3 = m < 0.1), B = %. This method had
been shown to be very accurate (16) in approximating the rigor-
ously determined LT. A discussion of this method of time-
dependent analysis using elastic solutions for linear and non-
linear materials can be found elsewhere (17).

The viscoelastic form of the design equations was developed
by using the correspondence principle with the approximate
method of the inversion of the LT.

The Laplace-transformed time-dependent pipe vertical de-
flection is given by

8D 1 B - ApyzW,
D) s 8EL/1 - v)D* + S.E

(17)

where the Carson transforms of the pipe relaxation modulus
as a power law, E () = E,;t~™, and for the soil relaxation
modulus, E'(f) = Ejt~™s, are as follows

E' =5,ET(1 — m,) (18)

E, = s5,,E (1 — m,) (19)
Symbols are as defined earlier with the appropriate subscript
to show the material that is described.

In the trench condition where there are three different soil
zones, the value of m, can be estimated using the following
regression equation:

m, = {1 — exp[—0.47 X (T,/D)°']} X m,
+ exp[—0.47 x (T,/D)*] x m, (20)

where m, and m, are power law exponents for the embedment
and in situ soil, respectively.

The Laplace-transformed time-dependent bending moment
in the pipe wall is given by

${M} = 4D,E I (AD/D)/sD (21)

In the preceding development, it was assumed that the pa-
rameters related to the loading term, A, and W/, are indepen-
dent of time. This may not be strictly true, but in view of the
lack of evidence to the contrary, and because their influence
is not critical, they were assumed to be constant. For practical
reasons, the Poisson’s ratios of the soils and the pipe material
were also taken to be constants.

The following sections will discuss results obtained us-
ing the viscoelastic solutions and may help explain time-
dependent soil-pipe interaction.
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TABLE 1 EXPONENTS OF RELAXATION POWER LAW FOR SOILS AND PIPE

MATERIALS
Descriptions and m values Remarks
Allenfarm (ML) 0.106 Texas Soil at Optimum
Moscow (CH) 0.101 Moisture Content
Floydada (CL) 0.079 (18)
Mississippi Delta (CH) 0.082 to 0.104 5 Samples (19)
Louisiana Coast (MH) 0.029 to 0.104 8 Samples (20)
Haney Clay N.C. 0.300 to 0.600 (11)
Seattle Clay O.C. 0.500 (21)
Redwood City Clay 0250
Osaka Clay 0.000
Tonegaw Loam 0.200
Bangkok Mud 0.200
Concrete 0.028
High Density Polyethylene 0.098
Polyvinyl Chloride 0,031
Reinforced Plastic Mortar 0.048

o

Native Soil nj=0.10
Embedment Soil ng = 0.02

i

o
=
w
=
=
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=
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FIGURE 9 Variation of pipe vertical deflection over
time.

Relaxation in a Soil-Pipe System

A flexible pipe deflects noticeably with time because the pipe
material as well as the soil surrounding the pipe relaxes. Whether
the soil load on a pipe increases or decreases with time de-
pends on the difference between the relaxation rate (exponent
of the power law) of the pipe material and the surrounding
soil. In the case of a pipe made of stiff material, the soil tends
to creep faster than the pipe, and hence the soil load increases.
With pipes made of compliant materials, such as HDPE pipe,
the pipe material relaxes faster than the soil and, in effect,
redistributes the imposed loads back to the soil.

Table 1 gives the values of relaxation rates for various soils
and pipe materials.

Pipe Vertical Deflection with Time

Figure 9 shows the predicted percentage reduction in vertical
diameter of pipes with coarse-grained embedment materials

Z 60
g All Pipes 48" PS =1.2PS|
8 90% Proctor Compaction
& n = Exponent of Relaxation
- Power Law
= Native Soil nj = 0.1 Embedment ng = 0.02
Z 40
o
= nj=0.07 ng=0.02
&
o 30+
3
= n;=0.02 ng=0.02
@ 20—
=
=}
=4
W 10 : T r T
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TIME (YEARS)
FIGURE 10 Variation of bending moment at crown over time.

(compacted to 90 percent Proctor) and buried in 1n situ (na-
tive) soils of the same stiffness (K = 200) but of different
relaxation rates. The pipes deflect from two to five times the
initial deflection during the 50-year period. The exponent of
the power law for coarse-grained soils is assumed to be 0.02
(22) and for fine-grained soils is usually around 0.1. Silty soils
can be assumed to have relaxation rates between the two.
The figure also compares the results that can be obtained for
m-values of 0.02, 0.07, and 0.10 for the different types of in
situ soils.

Bending Moment Pipe Strains with Time

Figure 10 shows the variation of bending moment at the crown
over time. In these cases, the bending moment at the crown
reduces with time. Thus is because the exponent of the power
law of the HDPE pipe material is about 0.098, wnich is higher
than that of the surrounding soil. The converse will happen
if a rigid pipe is buried in the same soil.
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COMPARISON WITH FIELD MEASUREMENTS

To validate the design equations, field installation conditions
as described by soil reports and installation procedures were
studied, and the pipe vertical deflections were predicted for
various time periods. The predictions were compared with
the pipe deflections that were observed during the same
period.

The field data were obtained for a variety of sites in the
United States from a pipe manufacturer. The site that will be
illustrated here is in Kansas. Six 48-in.-diameter HDPE pipe
sections (PS = 5 psi), each 20 ft long, were installed as a
single line with 18 ft of cover measured to the springline. The
soil profile along the line was basically silty clay down to the
springline. The modulus number of the backfill soil was
K, = 100, the in situ soil was estimated to have K, = 200
and a modulus number n = 0.4. The embedment material
was compacted to 85 percent Proctor. The soil modulus used
in Spangler’s equation was 3,000 psi, because crushed rocks
were used (23) as bedding materials. Five pipe vertical de-
flections were measured at each section, and readings were
taken at 2 days and 1, 2, 6, and 42 weeks after installation.

At the beginning of the installation, the six pipes were
buried at different depths of cover ranging from 1 to 18 ft,
and the pipe vertical deflections were measured. Figure 11
compares the results of the design equations and Spangler’s
equation with the average of five pipe vertical deflections per
section. The design equations predicted the deflections well.
It also appears that the level of compaction may be more than
the 85 percent Proctor that was assumed.

The trench was backfilled a depth of cover of 18 ft after 2
days with the exception of the first two sections. The pipe
deflections measured during the 10-month period were plot-
ted in Figure 12. A relaxation rate of 0.02 was assumed for
the embedment material, and 0.07 was assumed for the silty
soil. A lag factor of 1.0 was used for Spangler’s equation
because lag factors from 1.25 to 1.5 are recommended only
if the time periods are on the order of a few years (23). It
can be seen that the design equations were able to match the
deflection behavior. Again, the deflections were slightly more
than predicted, probably because of the low compaction as-
sumed for the embedment material. The field data also in-
dicate a nonlinear increase in values over time, just as pre-
dicted by the design equations.

&8 Test Line - 120 ft Long in Kansas

Measured on Second Day after Backfilling

1.5 TAMPIPE

% REDUCTION IN VERT. DIAMETER

DEPTH OF COVER (FT)

FIGURE 11 Predicted and measured pipe vertical
deflections for different depths of cover.
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FIGURE 12 Predicted and measured pipe vertical deflection
for different time periods.

CONCLUSIONS

Design equations that can be used to determine the deflec-
tions, loadings, and strains in flexible pipes and their behavior
over time have been presented. The main factors affecting
the soil-pipe system were identified. They include pipe char-
acteristics, properties of the different types of soils, arching
in the soil, trench width, and presence of groundwater. The
time-dependent behavior of the soil-pipe system was also pre-
sented, and results were obtained by using the viscoelastic
form of the design equations. It was shown that it is possible
to quantify the effects of the various factors on pipe deflec-
tions over time and that the design equations were able to
match field measurements. The ability to describe the details
of soil-pipe behavior with a sound engineering approach can
be expected to provide a major benefit to the design, con-
struction, and performance of buried flexible pipes.
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Investigation of the Structural Adequacy of

C 850 Box Culverts

G. R. FrepErICK, C. V. ARrDIS, K. M. TArRHINI, AND B. Koo

The structural behavior of American Society for Testing and
Materials C 850 box culvert sections resulting from live load
was investigated using theoretical analyses, field testing, and
model testing. The field testing was performed on box culvert
sections that were put into service after testing. These box
culvert sections were installed on state routes in Ohio using
construction crews and normal construction procedures. An
overview of these analyses is presented in this paper. The initial
purposes were to determine whether shear connector plates
are required to transfer the load across a joint between adja-
cent box culvert sections, and if the recommended maximum
spacing of 30 in. was appropriate. Testing at the first site
indicated that shear connector plates are not required to trans-
fer the load. The primary purpose of testing at the second site
was to verify the results from testing at the first site. For these
box culvert sections, there were no provisions for shear con-
nectors, hence the reinforcing steel was not cut because the
shear connector attachments were not installed. The results
verified those from testing done at the first site. Additionally,
it was concluded that C 850 box culvert sections are overde-
signed structurally. Before testing was undertaken at the third
site, a redesign was executed for C 850 box culvert sections.
The redesigned C 850 box culvert section was essentially the
same as the C 789 design with 4 ft of earth cover and HS 20
loading. Testing at this site demonstrated that the redesigned
C 850 box culvert section performed satisfactorily. The major
conclusions are that shear connectors are not required on
American Society for Testing and Materials C 850 box culvert
sections and that these sections are overdesigned structurally.
It was also concluded that the deflection along an edge of the
top slab was so low, even with the wheel load applied at that
edge, that the American Association of State Highway and
Transportation Officials’ edge beam requirement need not be
enforced.

The design requirements for box culvert sections installed with
less than 2 ft of cover and subjected to highway loadings are
enumerated in American Society for Testing and Materials
(ASTM) Specification C 850 (). These requirements gen-
erally follow the American Association of State Highway and
Transportation Officials (AASHTO) Standard Specifications
for Highway Bridges (2). The requirements of interest in this
paper (as applied to box culvert sections) are

1. Use of shear connector plates,

2. AASHTO edge-beam requirement, and

3. Applicability of AASHTO distribution width for wheel
loads.

Department of Civil Engineering, The University of Toledo, Toledo,
Ohio 43606

Two separate studies were undertaken to investigate these
requirements. These studies included theoretical analyses,
model testing in a laboratory, and field testing of prototypes.

THEORETICAL ANALYSES

In the theoretical analyses, the structures were idealized into
plane frames with a unit width. The corresponding live load
was determined using the AASHTO distribution width for a
wheel load. The dead load associated with 2 ft of earth cover
and the weight of the box culvert, as well as the lateral earth
pressure on the side walls, was also considered. The analyses
were performed using classical methods of structural analyses
and the finite element method.

A three-dimensional stress analysis was also performed using
the finite element method. STRUDL was used for this anal-
ysis; prismatic elements with triangular cross sections and six
nodes were selected. There were three linear degrees of free-
dom at each node of the element.

In these analyses, deflections, bending moments, shear, and
normal forces were calculated. Reinforced concrete design
was performed using the ultimate strength method.

FIELD TESTING

During the field testing of prototype structures, deflections
of the top slab were observed and recorded along both edges
of a joint that was subjected to load. Additionally, electric
resistance strain gages had been mounted at selected locations
and strain magnitudes were recorded. Primarily, strain values
were recorded for the top slab.

All prototype structures were cast by the same manufac-
turer, Hyway Concrete Pipe Company in Findlay, Ohio, with
tongue-and-groove joints. The cylinder strength of the con-
crete was a minimum of 5,000 1b/in.? and the minimum yield
strength of the welded wire fabric reinforcing was 65,000 1b/
in.2. Normal construction techniques were followed except
that over-reinforcing was minimized. The theoretical steel
areas were matched as closely as practicable.

For the first investigation (3), strain gauges were mounted
on both the welded wire fabric and the concrete. Also, a few
strain gauges were mounted on the shear connector plates.
Deflection and strain data were recorded for three load
conditions:

1. Wheel load applied directly to the top slabs of C 850
box culvert sections without shear connector plates installed,
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2. Wheel load applied directly to the top slabs with shear
connector plates installed, and

3. Wheel load applied to the asphalt pavement placed over
the box culvert sections with shear connector plates installed.

For these conditions, a (simulated) wheel load of 20,800 b
(AASHTO HS 20 16,000-1b wheel load plus 30 percent impact)
was applied to a simulated tire print (a 10-in. by 20-in. wooden
block). Only one wheel load was applied on the structure at
a time. The structure was Ohio DOT bridge number MAR-
309-09.42 (located in Marion County) and used six box culvert
sections with 12-ft span by 6-ft rise and a total laying length
of 36 ft. The primary purposes of this investigation were to
determine whether shear connectors were required and whether
the 30-in. maximum spacing was appropriate. The geometry
of an individual box culvert is presented in Figure 1; the
overall configuration of the structure is shown in Figure 2.
Because this structure was to be placed in highway service
after testing, it was decided to limit the magnitude of the
loading to 20,800 Ib.
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For the second investigation (4), strain gages were mounted
on the concrete only. Two prototype structures were field
tested in this investigation: PUT-109-02.67 and CRA-19-17.10.
Deflection and strain data were recorded at each site. Based
on the results of testing at the Marion County site, it was
decided to load these box culvert sections until a hairline crack
developed.

At Ohio Department of Transportation (DOT) bridge No.
PUT-109-02.67 (located in Putnam County), the primary pur-
pose was to verify the conclusions from MAR-309-09.42 on
box culvert sections that did not have the reinforcing steel cut
as is necessary when installing the shear connector attach-
ments. This structure consisted of 17 box culvert sections with
12-ft span by 4-ft rise. These sections conformed to ASTM C
789 (5) for 3 ft of cover; the geometry of an individual box
culvert is presented in Figure 3. However, they were subjected
to live loading as though they were C 850 box culvert sections.
After the sides had been backfilled to the elevation of the top
slabs, the box culvert sections were loaded directly on the top
slabs with a load of at least 20,800 Ib before any earth cover

6!
ASTM C 850 Box Culvert I _______ Al
HS 20 Loading {
o o e s )
B 3
|
ELEVATION
¥l L 12! 2 [ (1 &
- l //.46 inZ/ft |
- o
N I— | | .29 in2/ft |
. |
T | | [“~35 in’/ft
1 |
l I /.32 inZ/ft |
2 l_ R e
b e
3
- \.29 in2/ft
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FIGURE 1 Details of 12-ft by 6-ft box culvert (Ohio DOT bridge MAR-309-09.42).



Frederick et al.

75

7

Box 6

Box 4

B g S.R. 309

Box 2

FIGURE 2 Arrangement of box culvert sections (Ohio DOT bridge

MAR-309-09.42).

was placed. Four of the box culvert sections in this structure,
as indicated in Figure 4, were subjected to single (simulated)
wheel loads to produce a hairline flexural crack in the bottom
sides of the top slabs.

At Ohio DOT bridge No. CRA-19-17.10 (located in Craw-
ford County), the primary purpose was to verify a redesigned
box culvert section that would be subjected to AASHTO HS
20 loading with asphalt pavement placed directly on the top
stab. This structure consisted of 10 box culvert sections with
10-ft span by 6-ft rise. All walls of these sections were main-
tained at thicknesses of 10 in. so that conventional forms could
be used in their manufacture. However, the reinforcing steel
areas were less than those specified in ASTM C 850. The
details of the redesigned box culvert are presented in Figure
5; the overall structure is shown in Figure 6.

MODEL TESTING

Model testing (6) was performed in a laboratory on % size
scale models of each of the prototypes that were field tested.

These models were cast in plywood forms using portland cement
concrete and hardware cloth for the reinforcing steel. The
concrete was proportioned to provide a 28-day compressive
strength of 4,000 Ib/in.2, The aggregate used had a maximum
particle size of ¥4 in. The wires in the hardware cloth were
spaced at % in. in both directions. To achieve the required
areas of reinforcing steel, "s-in. diameter steel rods were wired
to the hardware cloth as necessary. No attempt was made to
match the distribution reinforcing or the shrinkage and tem-
perature reinforcing. Each model was subjected to a scaled
wheel load. The models were not subjected to lateral earth
pressure or dead load (other than the weight of the model).

RESULTS AND CONCLUSIONS

The primary observations (at a wheel load of 20,800 Ib) from
the investigations of MAR-309-09.42 were as follows:

1. The maximum compressive strain in the concrete in top
slabs is very low—of the order of 120 microin./in.
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FIGURE 3 Details of 12-ft by 4-ft box culvert (Ohio DOT PUT-109-02.67).

2. The maximum tensile strain in the reinforcing steel is
very low—of the order of 120 microin./in. (This is so low that
the concrete did not develop tensile flexural cracks.)

3. The maximum deflection along a joint between adjacent
box culvert sections was 0.027 in. without shear plates in
place.

4. The average values of the deflections without shear plates
for the loaded edge and relative deflection across the joint
were 0.018 in. and 0.012 in., respectively.

5. The average values of the deflections were 0.014 in.
and 0.006 in., respectively, with shear plates and without
pavement.

6. The average values remained virtually the same after
the pavement was in place.

7. The strain in the shear platcs was very low—on the order
of 120 microin./in.

Hence, because the deflections and strains were very low,
it was concluded that shear connectors are not required to
transfer load across a joint. Further, it was concluded that
the AASHTO edge-beam requirement does not need to be
enforced for box culverts. Note that it was necessary to cut
the reinforcing steel to install the anchorages for shear con-
nectors. Often this required cutting the reinforcing steel in
locations of greatest bending moments. This did not appear

to advcrsely affect the structural behavior of the box culvert
sections. All of the above observations led to the conclusion
that ASTM C 850 box culvert sections are overdesigned struc-
turally.

The primary obscrvations from the investigations of PUT-
109-02.67 were

1. The maximum strain in the concrete was very low at
design load plus impact.

2. The average deflection along a joint was very low at
design load plus impact—of the order of 0.020in. The average
relative deflection was 0.012 in.

3. The average load required to produce a hairline flexural
crack was twice the design wheel load plus impact.

The results of this testing confirmed the results from testing
of MAR-309-09.42. It is emphasized that box culvert sections
conforming to ASTM C 789 for 3 ft of earth cover were tested
using C 850 live load conditions. Because none of the four
box culvert sections subjected to load exhibited a hairline
flexural crack at 20,800 Ib, it is concluded that a C 789 design
without shear plates is adequate for C 850 live-load conditions.
The hairline cracks that developed at twice the design load
plus impact virtually closed after the load was removed. This
indicated that the reinforcing steel had not yielded. Note that
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FIGURE 4 Arrangement of box culvert sections (Ohio DOT bridge PUT-109-02.67).

the average cracking load of 41,600 Ib is almost equal to the
ultimate design load of 45,140 Ib (calculated using AASHTO
load factors).

The deflection data from both MAR-309-09.42 and PUT-
109-02.67 indicated that on the average a moderate amount
of load is transferred across a joint between adjacent box
culvert sections even when shear connectors are not used. A
butyl rubber (ribbon) gasket was installed in each joint. It is
believed that this transfer is due primarily to friction in the
joint and the presence of the butyl rubber gasket. In many
instances the unloaded side of the joint deflected as much as
50 percent of the loaded side. This load transfer appeared to
be largely independent of whether the tongue end or the.
groove end was the loaded side of the joint. As might be-
suspected, the transfer resulting from friction was sensitive to
how tightly the joint was made.

The primary observations (at a wheel load of 20,800 1b)
from the investigations of CRA-19-17.10 were

1. The maximum strain in the concrete was very low both
with and without the asphalt pavement in place.

2. The average deflection along a joint was very low with-
out the pavement in place—of the order of 0.009 in. The
average relative deflection was 0.003 in.

3. The average deflection along a joint was very low with
the pavement in place—of the order of 0.013 in. The average
relative deflection was 0.006 in.

Additionally, no hairline cracking was observed in the box
culvert section subjected to a load of 30,350 Ib without the
pavement in place.

The results of this testing confirmed the results from testing
of MAR-309-09.42 and PUT-109-02.67. 1t is emphasized that
the box culvert sections for CRA-19-17.10 were redesigned
box culverts. The redesigned box culverts used for C 850 live
load conditions were very close to the C 789 design for 4 ft
of earth cover. Hence, for CRA-19-17.10, the ASTM C 789
design for 4 ft of earth cover was used for a redesigned C 850
box culvert. It should also be noted that the box culvert sec-
tions for CRA-19-17.10 had a 10-ft span by 6-ft rise with wall
thicknesses of 10 in.

A visual inspection of the box culvert sections for CRA-
19-17.10 performed 21 months after they were installed revealed
no signs of distress. Hence, the redesigned box culvert sections
appear to be performing satisfactorily.

For the three box culvert sizes indicated, ¥ size scale models
were constructed and tested in a laboratory. These tests were
performed on individual sections with the load applied along an
edge. The measured strains on the concrete and deflections
along the loaded edge agreed well with those quantities mea-
sured in the field. The strain values resulting from the application
of the design wheel load plus impact on a scale model of the
12-ft by 6-ft box culvert are shown in Figure 7. The models
exhibited a hairline flexural crack in the upper slab at approx-
imately 2% times the scaled design wheel load plus impact.
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FIGURE 5 Details of redesigned 10-ft by 6-ft box culvert (Ohio DOT bridge CRA-19-
17.10).
CLOSURE be eliminated. The C 789 design for 4 ft of cover is recom-

Based on the findings described in this paper, the Ohio DOT
no longer requires the use of shear connectors on box culvert
sections conforming to ASTM C 850. The Ohio DOT does
not enforce the AASHTO edge-beam requirement for slabs
with main reinforcing parallel to traffic in box culverts, even
though shear connectors are not used.

Based on the performance of box culvert sections at CRA-
19-17.10, it appears that the structural design of ASTM C 850
box culvert sections can be economized. In this study only
the steel reinforcement areas were changed. However, it is
also possible to reduce the wall thicknesses. This may be
undesirable because box culvert manufacturers would be
required to modify existing forms or to purchase new forms.

It is further concluded that the ASTM C 850 specification,
as well as the C 789 designs for less than 4 ft of cover, can

mended for these cases. For cover depths greater than 4 ft,
the C 789 designs should be reevaluated.

In the redesigned box culvert section for C 850 live load
conditions used in this study, the AASHTO distribution width
for a wheel load was not used. Accounting for the transfer of
load to adjacent sections by friction at a joint, a distribution
width somewhat larger than the AASHTO recommendation,
was used. Additional research should be undertaken to define
a more appropriate expression for distribution width for a
wheel load. In this redesign, a distribution width of 7.5 ft was
used. This width corresponded to the largest laying length for
these box culvert sections.

Note that the results and conclusions relative to MAR-309-
09.42 are in agreement with those of James (7), who concur-
rently and independently investigated C 850 box culverts.
Additionally, at least in Ohio, the authors’ recommendation
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(as well as that of James) regarding elimination of shear con-
nectors has been implemented. Furthermore, our investiga-
tions at all three sites satisfy his second recommendation of
field tests of box culverts installed without shear connectors.
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