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Foreword 

Rockfalls and landslides are responsible for ignific;111 t damage to transport ation facilities 
worldwide. In the Un ited State a Ion th e damage to public and private facilities by landslides 
is estimated to be in th range of $1 billion to $2 billion a year. Methods of investigation, 
prediction management, and control are therefore of major concern to engin.eers and geol
ogists. 

The papers included in this Record are based on r suits of: recent tud.ies on rockfall and 
land !ides which were conducted by researchers from tate and federa l agencies, aca lemia, 
and the private sector. Th first p rtion focuses on ro kfall prediction and control and the 
second p ni n describe land ·tide ca e hi t rie and include discu sions on environmental 
nc;q c nomic , and tecJmi al a pect · . 

v 
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Abridgment 

Reliability of Slopes: 
Incorporating Qualitative Information 

J. C. SANTAMARINA, A. G. ALTSCHAEFFL, AND J. L. CHAMEAU 

The transition from theoretical results to real results is often the 
critical step in the decisionmaking process of a geotechical engi
neer. The proposed method for the reliability analysis of slopes 
calculates the theoretical solution and then modifies it to account 
for qualitative information. The first step involves calculation of 
the probability of failure on the basis of available information 
from the idealized geotechnical structure. This theoretical prob
ability is then modified by a quality factor to yield an actual 
probability of failure. Qualitative aspects are represented by ver
bal statements that are translated to belief/importance factors in 
the form of membership functions; the processing of this infor
mation is based on fuzzy logic. The results of corrected proba
bilities of failure are compared with experience-based predictions 
made by Lambe in his Terzaghi Oration at the Eleventh Con
ference of the International Society for Soil Mechanics and Foun
dation Engineering. Data from sociological studies and question
naire-based measurements of risk acceptance are presented. The 
corrected probability of failure is then compared with the mem
bership function of the acceptable risk to establish a measure of 
the urgency of repairs. The approach is implemented in a com
puterized decision support system incorporating extensive sup
port information and recommendations. 

In his Terzaghi Oration given at the Eleventh International 
Conterence, Lambe presented a figure that relates probability 
of failure to factor of safety (J). It is not based on calculations, 
but a numerical representation of engineering judgment. It 
incorporates qualitative factors that relate to design, analysis, 
construction, and performance of a geotechnical system, such 
as the Amuay Project. 

A method to incorporate qualitative information in the 
standard reliability analysis of slopes is presented. The approach 
separates the theoretical solution based on probability theory 
from the practical one, obtained from the theoretical solution 
by incorporating qualitative information by means of fuzzy 
set theory. 

THEORETICAL SOLUTION 

Nominal Factor of Safety 

In common practice, the value of resistance selected for the 
analysis is lower than the mean resistance, whereas the reverse 

J. C. Santamarina, Department of Civil Engineering, University of 
Waterloo, Waterloo, Ontario N21 3Gl, Canada. A.G. Altschaeffl, 
Department of Civil Engineering, Purdue University, West Lafay
ette, Ind. 47907. J. L. Chameau, Department of Civil Engineering, 
Georgia Institute of Technology, Atlanta, Ga. 30332. 

is true for the load. The selected values are not absolute lower 
and upper bounds, respectively, however; they are conserva
tive estimates based on experience. 

The conservative estimation of design parameters results 
in the calculation of a nominal factor of safety, FSnom• which 
is smaller than the mean factor of safety FSµ. Assuming nor
mal distribution for the load Land resistance R, the relation 
between FSµ and FSnom is 

(1) 

where 

V = coefficient of variation, and 
o = the standardized value that allows for a certain per

centile under the curve (e.g., for the 90th-percentile 
load and resistance, oR = oL = 1.3). 

The coefficient of variation for the resistance is about 0.2 
when effective stress analysis is applied to a slope in homo
geneous media and it is higher for soils with some cementa
tion. The coefficient of variation for the resistance varies 
between 0.15 and 0.25 for normal load conditions. On the 
basis of this equation, the ratio between the two factors of 
safety is about 1.5 to 2.0 in common slope stability practice. 

Theoretical Probability of Failure 

If the safety margin, SM, is defined as the difference between 
resistance R and load L, the probability of failure p1 is the 
probability of SM ~ 0. Assuming normal distributions for 
both R and L, Pr is 

(2) 

where <I> = the standard normal distribution. Other distribu
tions may be assumed without affecting the rest of the 
analysis. 

ADJUSTED PROBABILITY OF FAILURE 

The consideration of variables not included in the theoretical 
analysis is usually viewed with apprehension because of their 
vague and qualitative nature. To circumvent this problem, 
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qualitative information is included in the analysis by means 
of fuzzy sets (2). Although this is not the only possible method 
to incorporate qualitative information, it was found conven
ient for the problem considered. 

Qualitative aspects are represented by verbal statements 
that are transformed to belief/importance factors on a selected 
scale. The result of this analysis is a fuzzy adjusted probability. 
If the result of the theoretical probability of failure is 
expressed as 

(3) 

then the adjusted value may be given in the form (3) 

(4) 

where ct is a correction factor of qualitative parameters not 
considered in the theoretical analysis. When qualitative aspects 
indicate very poor conditions of the project, ct may be a small 
number. In the extreme case, ct = 0, and the system has an 
adjusted probability of failure of 1.0. In the opposite case, 
when all aspects of the project are extremely good, ct approaches 
1.0 and the adjusted probability of failure p'j remains equal 
to the theoretical value Pt· 

Fuzzy Set Representation 

The ct correction factor is evaluated using fuzzy sets ( 4). A 
unique representation called supportless fuzzy sets is used in 
this analysis. It consists of a list of membership values defined 
at discrete points. 

Stacks of Fuzzy Constraints 

Six categories were selected to represent the possible levels 
for quality of the project: excellent operation, sound opera
tion, intermediate operation, approximate operation, no
rational operation, and very good service conditions. The last 
category allows for the compensatory effect of very good per
formance and maintenance on the lesser quality of other 
parameters. 

Each category is defined as a group of constraints that 
restrict the conditions of a project must have to belong to 
such a category. These dimensions and their constraints result 
in a data structure referred to as the stack of contraints. The 
stack of constraints for very good service conditions follows: 

Qualifications of the engineer-designer 
(0.4 0.8 1.0 0.9 0.4 0.2 0.1) 

Extent/quality of geologic assessment 
(0.4 0.8 1.0 0.9 0.4 0.2 0.1) 

Quality of available data 
(0.2 0.8 1.0 0.9 0.2 0.1 0.0) 

Quality of design method 
(0.4 0.8 1.0 0.9 0.4 0.2 0.1) 

Completeness of the design of the structure 
(0.0 0.1 0.2 0.7 1.0 1.0 1.0) 

Importance of design errors or emissions 
(0.2 0.8 1.0 0.9 0.2 0.1 0.0) 
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Contractor's prior record 
(0.4 0.8 1.0 0.9 .04 0.2 0.1) 

Supervision during construction 
(0.2 0.8 1.0 0.9 0.2 0.1 0.0) 

Quality of field controls during construction 
(0.4 0.8 1.0 0.9 0.4 0.2 0.1) 

Importance of construction errors 
(0.2 0.8 1.0 0.9 0.2 0.1 0.0) 

Difficulties during construction 
(0.4 0.8 1.0 0.9 0.4 0.2 0.1) 

Monitoring program 
(0.0 0.0 0.0 0.2 0.5 0.8 1.0) 

In-service inspection 
(0.0 0.0 0.0 0.2 0.5 0.8 1.0) 

Manfunctions during the life of the structure 
(0.0 0.0 0.0 0.2 0.5 0.8 1.0) 

Maintenance program 
(0.0 0.0 0.0 0.2 0.5 0.8 1.0) 

To determine the similarity between a given Category A and 
the project, the characteristics of the project are compared 
with those constraints that represent Category A. Comparison 
at the level of each dimension i is based on the filtering oper
ation, which results in a similarity values; (5), 

A _ Cardinality (mff"0Jnmfn 
S; - Cardinality (mf,P'°i) (5) 

where mf = membership function. The overall similarity 
between the project and Category A is the minimum of all 
individual similarities s;. 

ACCEPT ABLE PROBABILITY OF FAIL URE 

The following parameters were found to determine the level 
of acceptable risk in the context of slope stability (6-8): 

• Loss of human life, 
• Potential economic loss, 
• Relative cost of lowering the probability of failure (cer

tain) with respect to the expected cost of postfailure repairs 
(probable), 

• Technical and economic capacity to implement repairs, 
• Unique structure, or one of a group, 
• Existing or to-be-constructed structure, 
• Temporary or permanent, 
• Remaining service life, 
• Type and importance of service, and, 
• Effect on lifelines. 

Different sources of information were used to determine 
the levels of acceptable Pt for slopes. Table 1 summarizes the 
results of a questionnaire answered by the engineers involved 
in the reliability of existing slopes. These data support more 
general results obtained by the authors from two different 
groups of assessors, including professors and students from a 
variety of engineering branches. In Study 1, 22 assessors eval
uated the acceptability of a generic failure ( 4), whereas in 
Study 2, 8 assessors evaluated the acceptability of the failure 
of temporal and permanent structures of either low or high 
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TABLE l SLOPE STABILITY- ACCEPTABLE 
PROBABILITY OF FAILURE 

Conditions 

Unacceptable in most cases 

Temporary structures 
no potential life loss 
low repair cost 

Nil consequences of failure 
high cost to lower Pf 
i.e .. bench slope, open pit mine 

Existing slope of riverbank at docks 
available alternative docks 
repairs can be promptly done 
do-nothing: attractive idea 

To·be-constfUcted; same condition 

Slope of riverbank at docks 
no alternative docks 
pier shutdown threatens operations 

Low consequences of failure 
repairs can be done when time permits 
repair cost< cost lo lower Pl 

Existing large cut 
interstate highway 

To-be-constructed; same condition 

Acceptable in most cases 
except if lives may be lost 

Acceptable for all slopes 

Unnecessarily tow 

P, 

lass than 10-1 

10-1 

1to210-1 

s 10-2 

less than 5 1 o" 

1 lo 2 10-2 

10-2 

1to2 10-2 

less than 10-2 

10-3 

10-• 

1 o·5 or lower 

importance. The results of Study 2 show that temporal and 
low importance systems are represented by the same curve, 
as are the results for permanent and high importance systems. 
Membership functions from these two studies are shown in 
Figure 1. These results are in agreement with observations 
by Ashby in the environmental field (9) . 
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THE PROGRAM SLOPE 

SLOPE consists of seven blocks. 

Block 1: Input of Preliminary Information 

Block 2: Verification of the Calculated Factor of Safety 

The purpose of this part of the program is to aid the user in 
assessing the validity of the stability analysis. In response, the 
system may recommend that the user review the analysis before 
proceeding. In this part, questions will address the following 
design decisions. 

• Selection of strength parameters: short and long term, 
effective stress or total stress analysis, brittleness, heteroge
neity and strain compatibility, in situ and induced pore pres
sure, variability of soil parameters, and tests' scale effects. 

• Possibility of weak seams (historical evidence or resulting 
from in situ testing). 

• Formation of tension cracks and buildup of pore 
pressure. 

• Selection of failure surface . 
• Potential effects of erosion. 
• Other loads. 

Block 3: Selection of Acceptable Risk 

This section gathers external information about the project 
in order to determine the acceptable risk. The user's quali-

10·3 10-2 10-l 

PROIJABIUTY OF FAJLURE 

FIGURE 1 Membership functions for acceptable probability of failure. 
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tative answer is translated into a fuzzy set and compared with 
the corresponding constraint in three stacks. Each stack 
represents a different level of acceptable risk: very low, inter
mediate, and very high. There is a membership function for 
acceptable risk associated with each stack. Once the similarity 
between the project and each stack is established, S;, the 
membership function for the acceptable risk, is calculated. 
The computational formula is shown in Equation 6. 

where 

v, 1 = very low risk. 
v;,, = intermediate risk , and 
11,1. = very high risk. 

(6) 

This approach allows for compensatory effects and gives 
emphasis to the best-matched category. 

Block 4: Calculation of Theoretical Probability of 
Failure 

The calculation of the mean factor of safety FS,, follows Equa
tion 1. The theoretical probability of failure is then calculated 
by means of a polynomial approximation. 

Block 5: Selection of Membership Function for a 
Correction 

The user's qualitative answers are translated into fuzzy sets 
and compared with the corresponding constraint in each of 
the stacks. Each stack or category bas an associated mem
bership function for the value of a. (a. ranges between 0.0 and 
1.0, and is discretized every 0.1). The final similarity value 

"' jj .. 
a. .. 
0 
0 .. 

Q) 

jj 

"' a. 
"' 0 
0 

I <U 
I "1 I": 
I I 

"' 2 
;f 104 

0 
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of each category is used to calculate the membership func
tion for the project, following the same approach used to 
determine the membership function for acceptable risk 
(Equation 6). 

Blocks 6 and 7: Adjusted Probability of Failure 
and Urgency of Repairs 

The adjusted p1 is obtained by the fuzzy multiplication of f3 
and a., resulting in a non-crisp value p'j. Finally, p'j is filtered 
through the membership function for the acceptable risk to 
obtain a final acceptability index AI (a crisp number): 

A l = 
ardinality (mf .. !!n111f,,.J 

ardina li ty m/rxf3) 
(7) 

The complement of Ai is a measure of the need for imme
diate repairs, in other words, an urgency index UI. 

RESULTS AND OBSERVATIONS 

Results obtained with this type of analysis were compared 
with corrections proposed by Lambe (1), observing very sim
ilar trends. Additional results that further support the impor
tance of qualitative variables on performance and emphasize 
the need to design for low theoretical probability of failure 
are shown in Figure 2. For a particular design with a central 
factor of safety of 2.0 and a theoretical p1 less than 10- s, a 
project of intermediate quality will bring the adjusted prob
ability of failure to a value greater than 10- 3 (note that low 
coefficients of variation are assumed). Social limits on the 
probability of failure fuzzified from Ashby (9) and member
ship values for acceptable probability of failure were added 
to Figure 2. It can be concluded that in order to obtain an 

10 10+----.-----~-----.----...---~----l 
1.00 1.25 1.50 1. 75 2.00 2.25 2.50 

Central Factor of Safety 

FIGURE 2 Results and implications. 
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adjusted probability of failure of about 10 ' with standard 
practice. a minimum common practice FS of about 1.6 to J. 7 
is needed. 
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Rock£ all Hazard Rating System 

LAWRENCE A. PIERSON 

Ma ny miles of highway pass thr ugh terrain with adjacent rock 
lopes 1ha1 are ubject lo rockfall. which is due in part to 

con truction practice in rhe pa l thtt t relied on overly aggressive 
excava tion techniques. Although the e techniques facilitated 
remova l of broken material. rhey comm nly resulted in slopes 
more prone to rnckfa ll. The Rockfall Hazard Rating ystem 
(RH R ) b inten led to be a pr active t0ol 1hat allow> transportation 
agencies to rationall y addre s their rockfaU ha1.ard instead of 
simpl.y reacting to rockfa ll l'lccidcnts. The RHR, provides a 
defensible, standardized wa 10 ·pend the limited con !ruction 
funds available by numerically differentiating the apparent risk 
at rockfall sites. The Oregon Department of Transportation 
(ODOT) began developing the RHRS in 1984. Funding from an 
FHWA-sponsored Highway Planning and Research (HPR) grant 
allowed ODOT to complete development of the system and test 
it at over 3,000 sites. Much of the RHRS's rating is subjective. 
Proper training in RHRS applicatio n is necessary to ensure the 
consistency of rating · b tween different raters. 1l1e re poasibility 
for lope evulumions aJ1d design concep1s hould re ·t ·Wirh 
experienced individual . ODOTs staff f engineering geol gisrs 
have demonsirated th ·1t reasonable and repeatable ·lope ratings 
can be achieved. 

Transportation agencies are expected to provide a safe high
way system for the public. This is not a simple task to accom
plish, and it is made more difficult when highways pass through 
terrain requiring highway rock cuts. In mountainous states 
such as Oregon , many miles of roadway pass through steep 
terrain where rock slopes adj acent to the highway are com
mon. Some of these man-made slopes are over 100 ft high 
and many are situated near the base of rugged natural slopes 
extending hundreds of feet further upslope, creating an inher
ent rockfall potential. This potential is compounded by the 
way our highway systems have evolved . Until recently , it was 
standard construction practice to use overly aggressive blast
ing and ripping techniques to construct rock slopes. This con
struction practice facilitated excavation and frequently resulted 
in slopes prone to rockfall. Where rockfall conditions exist, 
agencies are faced with the difficult task of reducing the risk 
of rockfall. 

Oregon Department of Transportation (ODOT) manage
ment and legal counsel recognized the value of having a sys
tematic way to set rockfall project priorities and allocate the 
limited repair funds. To be effective, the program would include 
an inspection of all rock slopes along the highway system to 
identify where rockfall would most likely affect the roadway. 
Once identified, these sections would be rated relative to 
each other by trained personnel to determine which ones pre
sented the greatest risk. A rating system was needed to 
accomplish this. 

Oregon Department of Transportation, Highway Division, 800 Air
port Road, SE, Salem, Oreg. 97310 

EVOLUTION OF ROCKFALL HAZARD 
RA TING SYSTEM (RHRS) 

Oregon began to discuss the need for an RHRS in 1984. As 
part of an initial literature search on the subject, a study by 
C. 0. Brawner and Duncan Wyllie (J) was reviewed. It con
tained rating criteria and a scoring method that grouped rock
fall sections into either A, B, C, D, or E categories based on 
the potential and expected effect of a rockfall event. ODOT 
adopted a similar assessment approach to the RHRS as part 
of the preliminary rating or rockfall areas. 

In a subsequent study, Wyllie (2) outlined a more detailed 
rating procedure for prioritizing rockfall sites . Wyllie's method 
included specific categories for evaluation and scoring using 
an exponential scoring system. This became the prototype for 
Oregon's RHRS. The rating sheet format and the exponential 
scoring system were adopted. Some of the categories in the 
RHRS are similar, and others are new. All categories have 
been modified on the basis of experience in developing and 
applying the RHRS statewide over the past several years. 
Detailed narratives of the rating criteria were added to pro
mote consistent application. 

The final phase of RHRS development began in July 1989 
when ODOT was selected to perform the HPR pooled-fund 
study. The principal objective of the study was to complete 
the development of an effective RHRS . Through full-state 
implementation, the RHRS was tested at over 3,000 sites. 
The narratives were finalized and forms and rating aids were 
developed. In order to streamline implementation of the sys
tem for other agencies, this information was documented in 
the RHRS User's Manual (J). 

DESCRIPTION OF SYSTEM 

The RHRS is a six-step process that allows agencies to actively 
manage the rock slopes along its highway system by providing 
a rational way to make informed decisions on where and how 
to spend construction funds . The process requires a greater 
commitment and focus on the rock slope issue than is com
monly the case for many agencies. This commitment consists 
of additional working hours and dollars to complete the initial 
survey, to update the data base regularly, and to develop 
remedial programs aimed at reducing the rockfall risk at the 
worst sites. In addition, a properly trained and experienced 
staff is needed to perform the slope evaluations and to develop 
remedial designs. 

The RHRS contains two phases of inspection: the prelim
inary rating phase , which is a part of the slope survey, and 
the detailed rating phase. This staged approach is the most 
efficient way to implement the RHRS in situations where an 
agency has responsibility for many slopes with a broad range 
of rockfall potential. 
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Slope Survey 

The slope survey is an essential feature of the RHRS that 
allows an agency to accurately determine the number and 
location of its rockfall sites. The best way to approach the 
survey is without any preconceived notions of how many sites 
there are or where the most hazardous sites are located. 

Accurate delineation of the rockfall section is important. 
For the RHRS, a rockfall section is defined as any uninter
rupted slope along a highway where the level and occurring 
mode of rockfall are the same. Grouping separate cut slopes 
into one long section will diminish the value and the flexibility 
of the resulting data base. Grouping can occur later when 
project limits are defined during the project development 
process. 

The maintenance person who is most knowledgeable about 
a section's rockfall history and the associated maintenance 
activities should accompany the rater because the past rockfall 
activity is an important indicator of what to expect in the 
future. As a better data base of rockfall occurrences is devel
oped, more accurate conclusions for the rockfall potential can 
be made. It is important during this process to document the 
rockfall maintenance information, which is an important ele
ment of the preliminary rating. 

Preliminary Rating 

The purpose of the preliminary rating (Figure 1) is to group 
the rockfall sections inspected during the slope inventory into 
three broad, more manageable categories. Without this step, 
many additional hours would be spent applying the detailed 
rating at sites with only a low to moderate chance of producing 
a hazardous condition. This rating is a subjective evaluation 
of the rockfall potential and requires judgments by experi
enced. insightful personnel. 

The RHRS is primarily concerned with the rockfall poten
tial at a site. The criterion of the estimated potential for rock 
on the roadway is therefore the controlling element of this 
rating. Where clarification is needed, the historical rockfall 
activity is used as a modifier of the preliminary rating. 

A C rating means either that it is unlikely that a rock will 
fall at this site or that if one should fall, it is unlikely that it 
will reach the roadway-the risk that a hazardous situation 
will occur is nonexistent to low. As the rating increases to a 
B. the risk ranges from low to moderate. For A-rated sections. 
the risk ranges from moderate to high. Little is gained by 
adding intermediate categories. Consistency is most impor
tant. The ability and the comfort level in making these deci
sions improve with experience. All rockfall sections that receive 

~ A B c 
A 

ESTIMATED POTENTIAL 
FOR HIGH MODERATE LOW 

ROCK ON ROADWAY 

HISTORICAL 
ROCKFALL ACTIVITY HIGH MODERATE LOW 

FIGURE 1 Preliminary rating system. 
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an A rating should be photographed. These photographic 
records are useful when preliminary design concepts are dis
cussed and especially useful for discerning changes in the slope 
that occur between reviews. 

The preliminary evaluation is a critical step in the RHRS 
process, especially when there are a large number of slopes 
to consider. Initially, only the A-rated sections should be 
evaluated with the detailed rating system. This will economize 
the effort while directing it toward the most critical areas. 
The 13-rated sections should be evaluated as time and funding 
allow. The C-rated sections receive no further attention and 
therefore are not included in the RHRS data base. 

Detailed Rating System 

Detailed rating, shown in Figure 2, is the third step in the 
RHRS. The detailed rating includes 10 categories that, when 
evaluated, scored, and totaled, allow an agency to numerically 
differentiate rock slopes from the least to the most hazardous. 
Slopes with higher scores present the higher risk. These 10 
categories represent the significant elements of a rockfall sec
tion that contribute to the overall hazard. The four columns 
of criteria on the right correspond to logical breaks in the 
increasing risk associated with each category. Accordingly, 
the scores above each column increase from left to right expo
nentially from 3 to 81 points. An exponential system provides 
a rapid increase in score that distinguishes the more hazardous 
sites. The set scores are representative of a continuum of 
points ranging from l to 100. Using a continuum of points 
instead of only the set points listed at the top of each column 
allows the rater flexibility in evaluating the relative impact of 
conditions that are extremely variable. 

To assist with scoring, the RHRS User's Manual (3) includes 
a scoring graph for each category. A sample graph for slope 
height is shown in Figure 3. The curve on the graph is the 
plot of the function y = 3', which defines the exponential 
scoring system used for all categories. The graph relates the 
category evaluation to an appropriate score. Even with sub
jective categories such as ditch effectiveness, the graph is quite 
useful in assigning a score to a condition that falls somewhere 
between the described benchmarks. Exact scores can be tab
ulated for the measurable categories by calculating the value 
of the exponent x of the function y = 3'. The formulas that 
yield the exponent values are presented in Table l. 

Before decisions can be made on how to score a rockfall 
section, the criteria for each category must be well understood 
and carefully considered. To aid in understanding, narratives 
for each category are included. These narratives are based on 
extensive field testing of the system. Some categories require 
a subjective evaluation. whereas others can be directly mea
sured and then scored. Along with the following category 
descriptions, sample ratings are provided. 

Slope Height 

Slope height represents the vertical height of the slope, not 
the slope distance. Rocks on high slopes have more potential 
energy than those on lower slopes, and therefore present a 
greater hazard and receive a higher rating. This measurement, 
obtained using the relationships shown in Equation 1 (Figure 
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RATING CRITERIA AND SCORE 
CATEGORY 

POINTS 3 POINTS 9 POINTS 27 POINTS 81 

SLOPE HEIGHT 25 FEET 50 FEET 75 FEET 100 FEET 

DITCH Good Moderate Limited No 
EFFECTIVENESS calchment catchment catchment calchment 

AVERAGE VEHICLE 25% 50% 75% 100% 
RISK ol lhe ol the ol the ol the 

time time time lime 

PERCENT OF Adequate sight Moderate sight Limited sight Very limited sight 
DECISION distance, 100% distance, 80% distance, 601% distance 40% 

SIGHT of low design of low design ot low design of low design 
DISTANCE value value value value 

ROADWAY WIDTH 
INCLUDING PAVED 44 feel 36 feet 28 feel 20 feet 

SHOULDERS 

G c Discontinuous Discontinuous Discontinuous Continuous 
E A STRUCTURAL joints, join ls, join ls, join ls, 
0 s CONDITION favorable random adverse adverse 
L E oriental ion orientation orientation orientation 
0 
G 1 ROCK Rough, Clay inlilling, 

I FRICTION Irregular Undulating Planar or slickensided 

c 

c c Few Occasional Many Major 
H A STRUCTURAL differential differential dillerential dillerential 
A s CONDITION erosion erosion erosion erosion 
R E learures lealures features features 
A 
c 2 
T 
E DIFFERENCE IN Small Moderate Large Extreme 
R EROSION RATES dilference difference ditlerence diflerence 

BLOCK SIZE 1 Foot 2 Feet 3 Feet 4 Feet 

--- -- -- -- --
VOLUME OF 3 cubic 6 cubic 9 cubic 12 cubic 

ROCKFALUEVENT yards yards yards yards 

Low to Moderate High precipita- High precipita-
moderate precipitation tion or long lion and long 

CLIMATE AND precipitation; or short freezing treezing freezing periods 
PRESENCE no freezing periods or periods or or continual 
OF WATER periods; no intermittent continual water water on slope 
ON SLOPE water on slope water on slope on slope and long freezing 

periods 

ROCKFALL HISTORY Few falls Occasional tails Many falls Constant falls 

FIGURE 2 Summary sheet of the Rockfall Hazard Rating System (RHRS). 
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FIGURE 3 Sample scoring graph. 

4), is to the highest point from which rockfall is expected, 
including the natural slope above the cut slope. The angles a 
and f3 and the distance X must be recorded. The angles can 
be measured with either a Brunton compass or a clinometer. 
Significant error can be introduced by careless measurement; 
averaging several measurements of these angles should min
imize the problem. To further minimize error, the elevations 
of the points that define the distance X should be as equal as 
possible. The designation edge of pavement (EP) should be 
used only as a general guide. However, this measurement will 
also be useful in rating Category 5: Roadway Width. 

Discussion The purpose of the 10 categories is to allow an 
agency to distinguish between rockfall sections with a relative 
rating. The slope height category is one that should be adjusted 
to fit local conditions in order to provide adequate score sep
aration. In Oregon. all slopes that are 105 ft high or greater 
receive a score of 100 points. 
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TABLE I EXPONENT FORMULAS 

Category 

Slope Height 

Average Vehicle Risk 

Sight Distance 

Roadway Width 

Block Size 

Volume 

Formula (x) 

Slope Ht. (ft.) 
25 

% Time _2_5_ 

120 - % Decision Sight Dist. 
20 

52 - Roadway Width (ft.) 
8 

Block Size (ft.) 

Volume (cu. ft.) 
3 

Sample The determined slope height is 40 ft. Using the 
scoring graph shown in Figure 3, this corresponds to a slope 
height score of 6 points. 

Ditch Effectiveness 

The effectiveness of a ditch is measured by its ability to restrict 
falling rock from reaching the roadway. The rater should 
consider several factors in estimating ditch effectiveness: 
(a) slope height and angle; (b) ditch width, depth, and shape; 
(c) anticipated volume of rockfall per event; and (d) impact 
of slope irregularities (launching features) on falling rocks . 
Evaluating the effect of slope irregularities is especially impor
tant because they can completely negate the benefits expected 
from a fallout area. Valuable information on ditch perfor
mance can be obtained from maintenance personnel. Scoring 
should be consistent with the following descriptions: 

• Good catchment, 3 points-all or nearly all falling rocks 
are retained in the catch ditch. 

• Moderate catchment, 9 points-falling rocks occasionally 
reach the roadway. 

• Limited catchment, 27 points- falling rocks frequently 
reach the roadway. 

T .... 
I 
0 
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• No catchment, 81 points-no ditch or totally ineffective 
ditch. All or nearly all falling rocks reach the roadway . 

Sample The slope is 40 ft high and is cut on a 0.25: I slope. 
The existing ditch is narrow, approximately 6 ft wide. Halfway 
up the slope is an irregular bench about 2 1

/ 2 ft wide that slopes 
toward the highway at about 60 degrees. The majority of the 
rockfall originates from the upper third of the slope. Falling 
rocks tend to stay in the ditch unless they hit the intermediate 
slope bench, which causes much of the rock to be directed 
onto the paved roadway. This is apparent from the distressed 
nature of the pavement that has been damaged by rockfall 
impacts. The maintenance person indicated that regular road 
patrols are necessary to keep the roadway clear. Because of 
the slope irregularity , the ditch ptovides limited catchment, 
and a score of 70 points is assigned. 

Average Vehicle Risk (AVR) 

A YR measures the percentage of time that a vehicle will be 
present in the rockfall hazard zone. The percentage is obtained 
by using a formula as shown in Equation 2. based on slope 
length, average daily traffic (ADT), and the posted speed 
limit at the site. A rating of 100 percent means that on average 
a car will be within the defined rockfall section 100 percent 
of the time. Where high ADTs or longer slope lengths exist. 
values greater than 100 percent will result and this means that 
at any particular time more than one car is present within the 
measured section. The result direct! y relates to the signifi
cance of the route and the potential hazard by approximating 
the likelihood of a vehicle's being present and thus being 
involved in a rockfall incident. 

ADT (cars/day) x slope length (miles) I 24 (hours/day) 

Posted speed limit (mph) 

x 100% AYR (2) 

E.P. E.P. 

kl---- x ----<>l..l 
I DrTCH I 

TOTAL SLOPE HEJGHT = 

HIGHWAY 

(X) sin o: . sin {3 

sin( o: - {3 ) 

+ H.I. 

Where : X = distance between angle measurements. 
H.I. = height of the instrument. 

FIGURE 4 Slope height diagram. 

( 1) 
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Sample Based on an ADT of 5,200 vehicles per day. a 
slope length of 0.09 mil, and a posted speed limit of 30 mph. 
the calculated A YR is 65 percent. This correlates to a score 
of 17 points. 

Percent of Decision Sight Distance 

The decision sight distance (DSD) is the length of roadway 
(in feet) that a driver must have to make a complex or instan
taneous decision. The DSD is critical when obstacles on the 
road are difficult to perceive or when unexpected or unusual 
maneuvers are required. Sight distance is the shortest distance 
along a roadway for which a 6-in. object is continuously visible 
to the driver. Normally an object will be most obscured when 
it is located just beyond the sharpest part of a curve. The 
sight distance can change appreciably throughout a rockfall 
section. Horizontal and vertical highway curves. along with 
obstructions such as rock outcrops and roadside vegetation. 
can severely limit a driver's ability to notice a rock in the 
road. The DSDs recommended by the American Association 
of State Highway and Transportation Officials (AASHTO) 
are presented in Table 2. The relationships between DSD and 
the posted speed limit were modified from Table III-3 of 
AASHTO's Policy on Geometric Design of Highways and 
Streets ( 4). The distances in Table 2 represent the low design 
value and the speed limit posted for the rockfall section should 
be used. 

Once determined, these two values can be substituted into 
Equation 3 to calculate the percent of DSD: 

Actual sight distance x 
0001 

_ r:t 

. . . d' l 10 - -;o DSD 
Dec1s1on sight 1stance 

(3) 

Sample The posted speed limit is 30 mph for a curved 
section of highway. The recommended sight distance for this 
speed is 450 ft. The actual sight distance is impaired by the 
rock slope on the inside of the curve in conjunction with a 
series of power poles and roadside vegetation. The measured 
sight distance is 315 ft. Substituting these values into the for
mula , the percent of DSD is 70. which correlates to a score 
of 16 points. 

Roadway Width 

Roadway width is measured perpendicular to the highway 
centerline from edge of pavement to edge of pavement (EP 

TABLE 2 DECISION SIGHT 
DISTANCE 

Posted Speed Limit (mpn) 

25 
30 
35 
40 
45 
50 
55 
60 
65 

Decision Sight 
Distance (11) 

375 
450 
525 
600 
675 
750 
875 

1,000 
1,050 
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to EP). This measurement represents the available maneu
vering room to avoid a rockfall, and should be the minimum 
width when roadway width is not constant. On divided road
ways only the paved portion available to the driver should be 
measured . 

Sample The paved roadway includes two 12-ft lanes. a 2-
ft shoulder adjacent to the cut slope . and a 4-ft shoulder on 
the opposite side for a total of 30 ft, which correlates to a 
score of 21 points. 

Geologic Character 

A slope 's geologic conditions are evaluated with this category. 
Since the conditions that cause rockfall generally fit into two 
categories, Case 1 and Case 2 rating criteria have been devel
oped. Case 1 is for slopes where joints. bedding planes, or 
other discontinuities are the dominant structural features . Case 
2 is for slopes where differential erosion or oversteepening is 
the dominant condition. The rater should use the case that 
best fits the slope. If both situations are present and it is 
unclear which dominates. both are scored but only the worst 
case (highest score) is used in the rating. 

Case I: Structural Condition "Adverse" as used here 
involves considering such characteristics as rock friction angle, 
joint filling. and the effects of water, if present, as well as the 
joint's spatial relationship to the slope. Adverse joints are 
those that allow block, wedge. planar, or toppling failures. 
"Continuous" refers to joints longer than 10 ft. 

• Discontinuous joints, favorable orientation, 3 points-slope 
contains jointed rock with no adversely oriented joints. bed
ding planes, etc. 

• Discontinuous joints, random orientation, 9 points-slope 
contains randomly oriented joints creating a variable pattern. 
The slope is likely to have some scattered blocks with adversely 
oriented joints but no dominant adverse pattern is present. 

• Discontinuous joints, adverse orientation, 27 points-rock 
slope exhibits a prominent joint pattern . bedding plane. or 
other discontinuity with an adverse orientation. These fea
tures have less than 10 ft of continuous length. 

• Continuous joints, adverse orientation, 81 points-rock 
slopes exhibits a dominant joint pattern, bedding plane, or 
other discontinuity with an adverse orientation and more than 
10 ft long. 

Case I: Rock Friction Rock friction directly affects the 
potential for a block to move relative to another. Friction 
along a joint. bedding plane. or other discontinuity is gov
erned by the macro- and microroughness of the surfaces. 
Macroroughness is the degree of undulation of the joint rel
ative to the direction of possible movement. Microroughness 
is the texture of the surface. The rockfall potential is greater 
in areas where joints contain highly weathered or hydrother
mally altered products, where movement has occurred causing 
slickensides or fault gouge to form. where open joints dom
inate the slope. or where joints are water filled. Noting the 
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failure angles from previous rockfalls on a slope can aid in 
estimating general rock friction along discontinuities. 

• Rough, irregular, 3 points-the surface of the joints is 
rough and the joint planes are irregular enough to cause inter
locking. This macro- and microroughness provide an optimal 
friction situation. 

• Undulating, 9 points-macroroughness but without the 
interlocking ability. 

• Planar, 27 points-macrosmooth and microrough joint 
surfaces. Friction is derived strictly from the roughness of the 
rock surface. 

• Clay infilling, or slickensides, 81 points- low-friction 
materials, such as clay and weathered rock, separate the rock 
surfaces, negating any micro- or macroroughness of the joint 
planes. Slickensided joints also have a very low friction angle 
and belong to this category. 

Case 2: Structural Condition Case 2 is used for slopes in 
which differential erosion or oversteepening is the dominant 
condition leading to rockfall. Because rockfall is caused by a 
loss of support either locally or throughout the slope, erosion 
features such as oversteepened slopes, unsupported rock units, 
or exposed resistant rocks on a slope may eventually lead to 
a rockfall event. Common slopes that are susceptible to this 
loss of support are layered units containing easily weathered 
rock that erodes, undermining more durable rock; talus slopes; 
and highly variable units such as conglomerates, mudflows, 
rock/soil slopes, etc., that weather and allow resistant rocks 
and blocks to fall as the matrix material is eroded. 

• Few differential erosion features, 3 points-minor dif
ferential erosion features that are not distributed throughout 
the slope. 

• Occasional erosion features, 9 points-minor differential 
erosion features that are widely distributed throughout the 
slope. 

• Many erosion features, 27 points-differential erosion 
features that are large and numerous throughout the slope. 

• Major erosion features, 81 points-severe cases such as 
dangerous erosion-created overhangs or significantly over
steepened soil/rock slopes or talus slopes. 

Difference in Erosion Rates The rate of erosion on a Case 
2 slope directly relates to the potential for a future rockfall 
event. As erosion progresses, unsupported or oversteepened 
slope conditions develop. The impact of the common physical 
and chemical erosion processes, as well as the effects of human 
actions, should be considered. The degree of hazard caused 
by erosion and also the score given this category should reflect 
how quickly the erosion is occurring; the size of rocks, blocks, 
or units being exposed; the frequency of rockfall events; and 
the amount of material released during the event. 

• Small difference, 3 points-erosion features take many 
years to develop. Slopes that are near equilibrium with their 
environment are covered in this category. 

• Moderate difference, 9 points-the difference in erosion 
rates allows erosion features to develop over a few years. 
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• Large difference, 27 points-the difference in erosion 
rates is such that noticeable changes in the slope develop 
annually. 

• Extreme difference, 81 points-the difference in erosion 
rates allows rapid and continuous development of erosion 
features. 

Sample The slope consists of basalt and there is a greater 
density of natural joints and blast-induced fractures in the 
upper part of the slope. The joints and fractures are the dom
inant structural features of the slope and therefore a Case 1 
condition exists. The fracture pattern is random and the joints 
are discontinuous. On this basis the slope receives a structural 
condition score of 9 points. 

Extensive hydrothermal alteration has occurred along the 
natural joints leaving a 1/.i-in. clay coating on many surfaces. 
The surfaces of the blast-induced fractures are fresh and undu
lating. Failure of blocks along the clay coatings creates unsup
ported slope conditions leading to other block failures. Because 
not all surfaces are clay-coated, a score of less than 81 points 
is appropriate and a score of 60 points is assigned. 

Block Size or Volume of Rockfall per Event 

If individual blocks are typical of the rockfall, the block size 
should be used for scoring. If a mass of blocks tends to be 
the dominant type of rockfall, the volume per event should 
be used. A decision on which one to use can be determined 
from the maintenance history or estimated from observed 
conditions when no history is available. This measurement 
will also be beneficial in determining remedial measures. 

Sample The rockfalls tend to be individual blocks. The 
block size is consistently in the 3Y2-ft size range. A block size 
score of 47 points is determined. 

Climate and Presence of Water on Slope 

Water and freeze-thaw cycles contribute to the weathering 
and movement of rock materials. If water is known to flow 
continually or intermittently from the slope, the slope is rated 
accordingly. Areas receiving less than 20 in. per year are low
precipitation areas. Areas receiving more than 50 in. per year 
are considered high-precipitation areas. The impact of freeze
thaw cycles can be interpreted from knowledge of the freezing 
conditions and their effects at the site. 

The rater should note that the 27-point category is for sites 
with long freezing periods or water problems such as high 
precipitation or continually flowing water. The 81-point cat
egory is reserved for sites that have both long freezing periods 
and one of the two extreme water conditions. 

Discussion Information on average temperatures and length 
of freezing periods can be obtained from National Oceanic 
and Atmospheric Administration (NOAA) climatological 
publications (5). The criteria used for this category should 
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be adjusted to fit local conditions to ensure proper score 
separation. 

Sample This area receives 60 in. of precipitation annually 
and experiences severe winter conditions for 3 to 4 months 
per year. Water on the slope is not an issue. A score of 81 
points is given because of the heavy rainfall and long freezing 
periods. 

Rockfall History 

Historical information is best obtained from the maintenance 
personnel responsible for the slope because they directly 
represent the known rockfall activity at the site. There may 
be no history available at newly constructed sites or where 
documentation practices are poor. The maintenance cost at 
a site may be the only information that reflects the rockfall 
activity. Historical information is an important check on the 
potential for future rockfalls. If the score given a section does 
not compare with the rockfall history, a review of the rating 
is advisable. 

• Few falls, 3 points-rockfalls only occur a few times a 
year or less, or only during severe storms. This category is 
also used if no rockfall history data are available. 

• Occasional falls, 9 points-rockfall occurs regularly and 
can be expected several times a year and during most storms. 

• Many falls, 27 points-typically rockfall occurs fre
quently during a certain season, such as the winter or spring 
wet period, or the winter freeze-thaw, etc. This category is 
for sites where frequent rockfalls occur during a certain season 
and are not a significant problem during the rest of the year. 
This category may also be used where severe rockfall events 
have occurred. 

• Constant falls, 81 points-rockfalls occur frequently 
throughout the year. This category is also used for sites where 
severe rockfall events are common. 

Sample This area was identified by the maintenance per
sonnel as being a seasonal rockfall problem. Road patrols are 
required daily during the winter and spring to keep the road
way clear. The level of rockfall at this site is assigned a score 
of 35 points. 

Preliminary Design and Cost Estimates 

It is important when planning highway construction projects 
to properly scope the desired result, which determines the 
project limits, the estimated construction costs, the right-of
way needs, etc. Trying to retrofit a different, more appro
priate rockfall design after these items have been established 
is frustrating and can be completely unworkable. 

Therefore, the fourth step of the RHRS process requires 
a preliminary design and cost estimate to be included as 
part of the RHRS data base. With this information, rockfall 
projects can be properly funded and developed. Value
engineering the level of effort and the cost associated with a 
particular rockfall section can help match the result to the 
need. A systematic method for analyzing the possible response 
alternatives has been described by Keaton and Eckhoff (6). 
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Covering the field of rock mechanics is beyond the scope 
of this paper. An excellent reference on the subject for the 
practitioner is an FHWA publication (7). Because experience 
is the best test of the reasonableness of a rockfall remedial 
design, the value of having skilled personnel in this area can
not be overly stressed. The gaps in the understanding of the 
mechanical properties of rock masses are still too large to rely 
strictly on an analytical approach. This is not to say that all 
of the analytical tools available will not be used, if needed. 
However, at this stage the goal is to provide an appropriate 
method to deal with the rockfall problem that can later be 
refined by more detailed investigation and analysis. 

More than one design approach to reduce the rockfall risk 
should be considered for each site. A hazard reduction mea
sure can vary from a limited-duration improvement such as 
slope scaling to a more positive step such as installing wire 
mesh to control the descent of falling rocks. Frequently, a 
combination of many techniques will work best. 

The rockfall design cost estimate is strictly for rockfall 
remedial measures. A project may eventually include wid
ening pavement, installing guardrail, adding a structural pave
ment overlay, etc. These actions as well as mobilization, 
engineering, and contingencies, etc., are not included as part 
of the RHRS cost estimate. Later, when different rockfall 
sites and the cost to deal with them are compared, these 
additional cost items will not interfere. 

Project Identification and Development 

The true benefit of implementing the RHRS-a reduction in 
the systemwide rockfall potential-will be realized once rock
fall remedial projects are developed from the resulting data 
base. The following are ways to use the RHRS to identify 
and advance projects for construction. 

1. Projects can be advanced on the basis of score. This is 
the most obvious use of the system. Because the most haz
ardous slopes are those at the top of the list, projects would 
be funded for construction as funds become available. 

2. Projects can be advanced on the basis of their score 
relative to their estimated construction costs. In effect, a mod
ification of the benefit-cost method is used. The preliminary 
cost estimate for the top-rated slopes is divided by the RHRS 
score and a list is generated with the lowest ratios of dollars 
to RHRS points at the top. Projects developed from this list 
would provide the greatest systemwide hazard reduction with 
a fixed investment. 

3. Projects can be developed on the basis of the remedial 
approach. Rockfall sections containing similar construction 
features would be grouped into a single project. An example 
would be to take a length of highway and combine into one 
project all of the sections that include slopes screening. By 
doing this, a larger quantity would be contracted and could 
result in more straightforward, more easily managed contracts 
with lower unit bid prices. 

4. Projects can be developed on the basis of proximity of 
rockfall sites along a section of roadway. A larger contract 
could be let because the rockfall sites have been identified 
and remedial measures properly determined. An example of 
this would be where all rated slopes along a 20-mi stretch of 
roadway are grouped into one project. 
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All these approaches rely on the data from the RHRS data 
base generated from implementation and periodic updates. 

Annual Review and Update 

The final step of the RHRS is to perform an annual review 
of all rated slopes. Natural conditions can change unexpect
edly and these changes are often difficult to discern. Photo
graphs taken during previous inspections will help identify 
changes. Any newly constructed slopes should also be eval
uated and if necessary added to the RHRS database. 

Eventually, all slopes in the RHRS data base should be 
evaluated with the detailed rating. Much of this work could 
be accomplished throughout the year by personnel commuting 
to and from other job-related responsibilities. The annual 
review and update would protect an agency's investment and 
maintain the value of the RHRS data base. Once all slopes 
are rated. an agency may redefine what constitutes an A or 
8 slope using a range of scores established by the agency 
rather than the subjective evaluation criteria applied during 
the preliminary rating. The agency may elect to drop the letter 
designation entirely. 

SYSTEM LIMIT A TIO NS 

The RHRS provides agencies with a method to address their 
rockfall problems by providing a relative rating among slopes. 
For the most part, this relative rating is subjective. The slope 
evaluation process is as straightforward as possible , however. 
there is still a range of values a slope could receive. Much 
depends on the abilities of the raters and how consistently 
they interpret and apply the rating criteria. Even though one 
slope receives a score of 700 and another receives a score of 
600. both slopes have the potential of releasing rock onto the 
roadway. 

Agencies will always be expected to react to rockfall acci
dents no matter where a particular section appears on the 
RHRS priority list, but the tendency to overreact should be 
resisted. Sites where an accident has occurred should be re
evaluated with the detailed rating to determine if the rockfall 
incident has increased or decreased the rockfall potential. The 
level of investment at the site should be consistent with the 
new potential relative to that on the other sites. 

BENEFITS 

It is not reasonable to expect an agency to have enough funds 
necessary to deal with all safety-related issues at once. How
ever, it is necessary to have a system in place by which projects 
are identified and developed as funding is made available. 
ODOTexperience has been that this is legally defensible. The 
use of the RHRS as a defense has not been tested in Oregon 
to date. However, Oregon has for many years had a priority 
list for developing rockfall construction projects. The sites 
listed are those identified as having an accident history or 
excessive maintenance costs. or both. The list generally con
tains only 100 sites and is not based on the rockfall potential 
but on the rockfall history. The sites are prioritized on the 
basis of a cost-benefit analysis. Even though ODOT had a 
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definite. planned approach to deal with rockfall sites as funds 
became available, litigations brought against the state because 
of rockfall accidents either were settled out of court or were 
found favorably to the state. ODOT believes that having a 
more comprehensive. state-of-the-art process for developing 
the priority list will serve better. 

CONCLUSION 

ODOT engineering geology staff have spent many hours 
designing, testing, and redesigning the RHRS system. The 
process has been manageable, and was completed while Staff 
maintained a busy , normal workload . It was found beneficial 
to have the engineering geologists responsible for creating 
and maintaining the RHRS database. 

ODOTs experience with the RHRS has been favorable. 
Management now has a uniform process that can help make 
practical decisions on where to allocate money for rock slope 
projects and they welcome having quality information to use 
in this area of project development. The agency believes that 
the issue of public safety is being properly addressed and that 
greater legal protection is afforded the agency by having the 
RHRS in place. 
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Rockfall Control in Washington State 

THOMAS C. BADGER AND STEVE M. LOWELL 

The mountainous and rugged terrain of Washington State presents 
major and ongoing rockfall problems along transportation corridors. 
Rockfall control in Washington focuses on rockfall containment, 
identification, and prevention or minimization. Washington State 
Department of Transportation (WSDOT) has developed ditch 
design criteria for containing rockfall, which have been in use 
since 1963. The criteria address ditch design and rockfall fence 
placement for both rock and talus slopes. Rock slope design is a 
critical element of rockfall control in Washington. All new and 
upgraded construction of rock slopes is first evaluated for kinematic 
feasibility of rockfall. If applicable, cut-slope orientations are also 
based on kinematics. Highly fractured rock masses and those with 
random discontinuity orientation are designed using a nonlinear 
failure criterion. Controlled blasting methods are required on all 
WSDOT projects. Slope irregularities are kept to an absolute 
minimum and the use of a midslope benches for rockfall catchment 
has been eliminated. Commonly used stabilization methods are 
shotcreting, rock bolting and dowelling, slope trimming and scaling, 
and wire mesh. A priority rating system is also in use to direct 
proactive mitigation work in areas of high rockfall hazard around 
the state. In addition, WSDOT and Washington State University 
are developing an expert-type computer system, the unstable slope 
management system (USMS), for statewide use. 

The mountainous and rugged terrain of Washington State 
presents major and ongoing rockfall problems along trans
portation corridors. A significant number of accidents and 
nearly a half dozen fatalities have occurred because of rockfall 
in the last 30 years on Washington highways. A preliminary 
statewide inventory revealed that 45 percent of all unstable 
slope problems (landslides, embankment failures, rockfall, 
etc.) are rockfall related. 

Washington has a large highway infrastructure in place, and 
much of the present rockfall mitigation focuse s on methods 
for control or containment. As the state highways are improved 
to meet current design standards, more of the mitigation work 
is focusing on rockfall identification and prevention. In this 
paper methods of rockfall control in Washington are addressed, 
as well as the proactive approach of prevention. Rockfall 
prevention includes the use of the most current standards for 
rock cut-slope designs, rockfall hazard priority rating, and 
development of a statewide unstable slope management 
system (USMS). 

ROCKFALL DITCH DESIGN 

In early Washington highway construction, methods of rock
fall control included large flat ditch sections, wire mesh, mid
slope benches, and so on. However, there was little basis for 
the application of such rockfall designs, and designers relied 
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on educated guesses about rockfall behavior on a particular 
slope. As early as 1959. engineers in the state of Washington 
began to realize the inadequacy of some design methods to 
control rockfall in deep cuts (1). The Washington Department 
of Highways [now the Washington State Department of 
Transportation (WSDOT)] recognized that little was known 
about the effectiveness of standard rockfall containment mea
sures, and that even less was known about the mechanics of 
rockfall. 

In 1961 the Washington State Highway Commission (WSHC) 
and the Bureau of Public Roads (BPR) funded a research 
project under the direction of Arthur Ritchie, chief geologist 
for WSHC (2) to study rockfall mechanics. In the research 
project full-scale rockfall observations were made under vary
ing slope conditions and additional experiments were per
formed with portable ditch sections and rock fences. 

With the conclusions from the research. Ritchie (2) devel
oped a rockfall ditch design table that took into consideration 
the primary variables of the rockfall-slope height and slope 
angle. The ditch design contained three basic elements: fallout 
width, ditch depth, and a steep off-shoulder slope. ln the case 
of natural slopes flatter than lH: l V, on-slope rock protection 
fences were developed. 

In 1963 , WSDOT adopted a standard design for rockfall 
control that was based exclusively on this research. The stan
dard roadway section contained two designs: one for rock 
slopes (Design A) and one for talus slopes (Design B). Sub
sequent to the original standard plan, Design A has been 
modified to allow for staged development of the rockfall ditch. 

Design A-Rock Slopes 

The staged development concept for Design A is to provide 
alternatives that are based on local site conditions and an 
estimate of the severity of future rockfall. The use of con
trolled blasting in developing the rock cut is recommended 
in conjunction with the ditch design. The width of the ditch 
is controlled primarily by the slope angle and slope height 
(see Table 1 ). Stage l design uses a standardized ditch section 

TABLE 1 WSDOT DESIGN FOR ROCKFALL AREAS
DESIGN A 

Height Width 
Slope (ft) (ft) 

20 - 30 12 
Near 30 - 60 15 
Vertical >60 20 

20 - 30 12 
0.25H:lV 30 - 60 15 
or 60 - 100 20 
flatter >100 25 
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(see Figure 1). Stage 2 and 3 designs use rock protection fences 
and deeper ditch sections for more severe applications (see 
Figures 2 and 3). Concrete barriers may be used instead of 
the rock protection fence. The concrete barrier alternative in 
Stage 2 and 3 designs is used only after an analysis of the site 
in which consideration is given to factors such as potential 
impact velocities. ditchy capacity. and size of rockfall. 

Design B-Talus Slopes 

Design Bis used as a treatment for rockfall generated on talus 
slopes. Ritchie's (2) research revealed that rockfall on these 
slopes will generally roll and stay close to the slope. Rock 
protection fences are specified on these slopes because of the 
strong horizontal component of the trajectory. The purpose 
of a rock protection fence is to decelerate or catch the rolling 
rock before it enters the roadway. The ditch treatment calls 
for a steep l .25H: 1 V foreslope into the ditch with a minimum 
depth of 4 ft. Design B allows for three positions of the rock 
protection fence (but never more than one position at any 
given site). Fence positions A. B. and Care shown in Figures 
4. 5. and 6. respectively. Position B is the preferred fence 
location for most applications. 

ROCKFALL HAZARD PRIORITY RA TING 

In 1988, WSDOT began using a priority rating system to 
address rockfall problems on existing facilities around the 
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FIGURE 5 Roadway section on talus slope
Design B, fence position B. 
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FIGURE 6 Roadway section on talus slope
Design B, fence position C. 
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state. The goal of the system was to assess a large number of 
areas where rockfall occurred and to objectively rate the slopes 
in terms of potential hazard. The rating provides a basis for 
selecting potential sites that require rock slope remediation. 
Ideally. rock slope remediation would first focus on sites with 
the highest hazard ratings and then progress to lower-rated 
rock slopes as funds become available. 

The rating system in use by WSDOT was developed by the 
Oregon Department of Transportation (3) and uses a matrix 
evaluation approach. Sites are rated on 11 criteria such as 
rock structure, highway geometrics, slope height, and rockfall 
frequency. Increasing levels of severity for each criterion are 
given greater point values using an exponential point scale. 
All the points for each of the 11 criteria are totaled for each 
investigated site. The site with the highest point total is the
oretically the most hazardous and that with the lowest point 
total is theoretically the least hazardous. The rating system is 
not meant to predict which slope will fail first, but rather to 
provide a logical starting point for remediation work on a 
large number of rock slopes. 
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The Geotechnical Branch of WSDOT completed a pilot 
project in 1989 using this rockfall hazard rating system in 
District 1 the northwest part of the state ( 4); 39 problem 
rockfall areas were identified by the four maintenance areas 
of the district. Phase I of the project consisted of rating and 
priority-ranking each of the 39 sites. The district then selected 
a group of high-ranking sites to address first. Phase II of the 
project consisted of providing final remediation design and 
cost estimates of the required work on the sites selected. The 
final remediation designs prepared in Phase II focused on 
long-term solutions. Final designs included work such as slope 
scaling and trimming, shotcreting weak zones in the rockmass, 
and rockbolting and dowelling. In 1990, the district appro
priated $250,000 to begin work on the list. Additional funds 
for 1992 have been set up to continue remediation work on 
the list of 39 slopes. 

Since this pilot project, the Geotechnical Branch has com
pleted another rock slope priority-ranking study on a 10-mi 
length of Interstate in the northwestern portion of the state. 
Based on these pilot projects, at least three other major state 
highway routes representing approximately 180 mi of highway 
within the state are being considered for rock slope rating 
and ranking. 

UNSTABLE SLOPE MANAGEMENT SYSTEM 
(USMS) 

Under a research grant administered by the Washington State 
Transportation Commission (WSTC) and the Federal High
way Administration (FHWA), WSDOT and Washington State 
University (WSU) are developing the USMS (5). The research 
is being conducted by the WSU Civil Engineering Depart
ment. The USMS is a computer program consisting of a data
base and priority programs that prioritizes unstable slopes. 
Unstable slopes include not only rockfall, but also landslides, 
embankment failures, debris flows, etc. The priority programs 
are developed from the expert shell system CLIPS, a language 
developed by the National Aeronautics and Space Adminis
tration. The USMS identifies factors that determine the 
importance of a failure site such as the cause of instability, 
cost of repair, use of road, and safety to motorists. The data 
are collected and stored in the database by site. Using the 
priority programs, priority ratings are assigned to each site 
and then multiplied by a weight. The sum of the products 
yields the total priority, which ranges from a point value of 
0 to 100, where 100 indicates the highest-priority site. The 
total priority of a site is independent of all other sites. The 
USMS develops a list of priority-ranked sites from which mit
igation work can be selected. 

ROCKFALL MODELLING 

WSDOT has been using the Colorado Rockfall Simulation 
Program (CRSP) developed by the Colorado Department of 
Transportation to aid in rockfall mitigation design (6). The 
program allows the designer to input the geometry of the slope 
and define certain parameters of the slope. The program then 
simulates a number of rockfall events and provides output 
information on items such as impact force, trajectory path, 
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and termination point. The program has provided WSDOT 
with design information for necessary length of a tunnel portal 
extension, rockfall protection fence placement, and ditch design 
verification. 

ROCK SLOPE DESIGN 

Rock slope design is a critical element of rockfall control in 
Washington State. The potential for rockfall can be dramat
ically reduced by the proper engineering of new and upgraded 
cut slopes. All proposed construction of rock slopes is reviewed 
by the Geotechnical Branch of WSDOT early in the design 
process. 

Rock slopes are first evaluated for their potential for kine
matic failure. Does the rockmass contain ordered sets of dis
continuities (e.g., bedding surfaces, joints, faults) that could 
produce rockfall when the slope if excavated at a typically 
steep orientation? Rockmasses that appear to be kinemati
cally controlled are evaluated for three failure conditions: 
planar failure, wedge failure, and toppling failure (see Figure 
7). A nonkinematically controlled failure would more com
monly fail as a circular failure. A statistically significant num
ber of discontinuity orientations are gathered and then plotted 
on stereo nets. An evaluation can then be made as to whether 
the rockmass contains adverse discontinuity sets that could 
produce instability in the slope. Design slope orientation may 
then be adjusted to cut out many of these potentially unstable 
features. This design approach focuses on repeatable discon
tinuity sets. It does not attempt to address every possible joint 
set that may produce an isolated rockfall event. 

Rock slopes that are not structurally controlled are also 
evaluated. However, the focus of rock slope engineering is 
on large-scale failures rather than small-scale events. Rock
masses that are not structurally controlled include ones that 
are highly fractured, massive slopes that contain no or few 
joint sets, highly weathered or hydrothermally altered rock
masses, and many Washington State sedimentary rockmasses. 
WSDOT uses Hoek and Brown's (7) nonlinear failure criteria 
to evaluate these rockmasses. In the evaluation, the quality 
of the rockmass is classified using the Council for Scientific 
and Industrial Research (CSIR), Geomechanics Classification 
of Jointed Rock Masses developed by Bieniawski (8), which 

Planar Failure 

Wedge Failure 

Toppling Failure 

FIGURE 7 
conditions. 

Kinematic failure 
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uses test hole and laboratory data from the rockmass. The 
Hoek-Brown (7) criteria then use empirically derived values 
for different rock types and rock quality conditions to develop 
a Mohr envelope. Corresponding strength parameters are then 
determined for a certain confining pressure and a computer
assisted stability analysis is performed using XST ABL or 
PCST ABL4. WSDOT has had excellent results using this 
method of analysis for nonkinematically controlled 
rock masses. 

Controlled Blasting 

Many of the rockfall problems along Washington highways 
are a result of poor rock excavation methods used when the 
slopes were first constructed. Poorly designed blasting can 
result in excessive backbreak in the finished slope and con
tinued rockfall problems for years after construction. Con
trolled blasting methods are required on all WSDOT projects 
for excavation in rock. These methods include the initiation 
of a preshear line along the finished slope before the produc
tion holes are detonated. WSDOT has had successful experi
ence with preshearing slopes as flat as lH:lV. Preshearing is 
not required by WSDOT for slopes flatter than 0.5H: 1 V and 
for burdens less than 10 ft. Before implementation, all blasting 
operations on state highway projects must submit a blasting 
plan for review by the Geotechnical Branch of WSDOT. When 
properties of the rockmass are sufficiently poor, mechanical 
excavation (e.g., ripping) is allowed, provided that finished 
slopes are approximately 0.5H: 1 V or flatter. 

Midslope Benches 

WSDOT designs rock slopes to be uniform, with as few slope 
irregularities as possible. The construction of 20-ft-wide mid
slope benches on steep rock slopes to catch rockfall is no 
longer practiced in Washington. Without continued mainte
nance, benches fill with rock debris . This results in a bench 
that is no longer flat but slopes outwards to the roadway. 
Rockfall striking these benches is no longer contained, and a 
significant horizontal component can be imparted to the tra
jectory path. Midslope benches are permitted only at the 
overburden-bedrock interface. When rockfall may originate 
from coarse overburden soils, a bench of 15-ft minimum width 
may be specified provided the soil slope is not over approx
imately 20 ft high. Vegetation is also stripped from the rock 
slope and 10-ft behind the upper catchpoint of the slope to 
prevent root wedging of blocks. 

Rockfall Protection Fences 

WSDOT uses rock protection fences for rockfall control and 
has developed standard plans for their construction. The fence 
is used in areas where rockfall would not be adequately con
tained by a ditch. These applications are generally used on 
flatter slopes such as talus slopes, where a horizontal com
ponent in the trajectory path is present. The standard plan 
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for the fence consists of a 6-ft-high chain link fence fastened 
to steel posts with 2 to 3.5 in. inside diameter and 9 ft long. 
Upslope bracing is used for midslope anchor positions and 
impact attenuators are used to anchor the end of the fence. 

WSDOT has had extremely good success with this rockfall 
protection fence. In addition to the standard plan for rock 
protection fences, WSDOT is considering the use of a pro
prietary rock protection fence developed in Europe. WSDOT 
would use this fence system for areas with high rockfall fre
quency and large rock size. 

Wire Mesh Slope Protection 

WSDOT uses wire mesh slope protection in areas where con
struction of an adequate ditch section is not feasible or where 
slope features would produce a large horizontal component 
in the rockfall. Wire mesh slope protection is used both to 
contain rockfall and to prevent ravelling of loose material. A 
typical wire mesh slope protection system consists of main 
vertical cable supports anchored at the top of the slope to 
which a wire mesh is attached, which is draped down the 
slope. The wire mesh is generally double twist gabion wire 
on galvanized chain link fence . The vertical wire mesh seams 
are wired or hog-ringed together to form a continuous blan
ket. WSDOT uses deadmans above the crest of the slope to 
anchor the wire mesh in overburden or weathered rock, and 
grouted rock anchors to attach the wire mesh in competent 
rock. The wire mesh typically extends downslope to within 
approximately 5 ft above the ditch. Wire mesh slope protec
tion installed in mountainous areas is subject to heavy snow 
loads, and anchor systems are designed accordingly. WSDOT 
has effectively used wire mesh for near-vertical rock slopes 
and rock and talus slopes as flat as I H: 1 V. For steep slopes 
it is important that rock sizes be less than 2 ft in diameter; 
larger rocks may have sufficient energy to break the mesh. 

Gabion Barriers 

WSDOT has also had extensive experience with gabion bar
riers for rockfall control on talus slopes. Their flexibility and 
relative ease of repair make them useful for areas with high 
rockfall frequency and very large rock size. Gabions are placed 
approximately 10 ft in front of the base of the slope and off 
the shoulder. Openings in the gabion wall are provided to 
allow for removal of the rock debris behind the wall. Gabions 
have proven to be very effective control for large rock size. 
In one instance, several rocks of more than 50 tons were 
retained by a two-tier-high gabion wall after the rocks had 
rolled several hundred feet down a steep talus chute. 

Rock Debris Barriers 

Rock debris barriers are also used in Washington State for 
containing rockfall. Rock debris barriers consist of 4- to 8-ft
high continuous mounds constructed of rock or soil debris 
near the base of the slope. These barriers provide the trap
ezoidal ditch section and energy attenuation required for con-
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taining rock fall with high energy and frequency. Rock debris 
barriers are typically used on talus slopes that produce a sig
nificant amount of rockfall containing large boulders. 

Scaling and Trimming 

Slope scaling and trimming are used extensively for rockfall 
control. Scaling consists of removing loose rock debris on a 
slope with scaling bars, hydraulic splitters, and so on. Trim
ming refers to removing sizable unstable blocks and slabs from 
a slope, generally by use of explosives. Scaling is done on 
almost all new construction and remediation work in Wash
ington State. Scaling and trimming are generally the first order 
of work for rock slope remediation projects. Work always 
progresses from the top down, moving across the length of 
slope and is accomplished by a crew of at least two on-slope 
workers and a foreman. The work can be extremely hazardous 
and WSDOT requires that only experienced high scalers be 
allowed to perform it. 

Rock Bolting and Doweling 

Rock bolting and doweling are commonly used on both new 
construction and rock slope remediation work for controlling 
rockfall. Rock bolts are posttensioned steel bars and tendons 
that are used to anchor potentially unstable masses to the 
slope. Rock dowels are similar except that they are not post
tensioned; stresses are mobilized in the steel bar when and if 
the potentially unstable mass begins to move. Rock bolts and 
dowels are anchored into the rock with either cement grout, 
two-stage polyester resin, or mechanical anchors. Bolting and 
doweling is performed after loose rock has been scaled from 
the slope and is accomplished from either a crane-supported 
work platform or off ropes by experienced high scalers. Crane
supported work platforms generally use an air track drill for 
advancing the bolt and dowel holes. Platforms are typically 
anchored to the slope to allow for some drilling resistance. 
Rock bolting operations require skilled workers to perform 
the work safely and effectively. 

Horizontal Rock Drains 

Horizontal rock drains are commonly used for rockfall control 
in both new construction and remediation work by WSDOT. 
Horizontal drains dewater rockmasses and lessens the driving 
forces leading to slope failure. Generally the drains are uncased 
holes drilled into the slope by an air track drill or a portable 
rock drill. When horizontal drains are installed in highly frac
tured rockmasses, it is often necessary to case the hole with 
slotted polyvinylchloride (pvc) pipe to maintain the drain 
opening. Since most water in a rock slope is carried within 
discontinuities, drains are installed to intersect as many dis
contiuities as possible. Drains are typically installed sloping 
down and out of the rockmass at approximately 5 degrees. 
Both straight and fan-shaped drain arrays are used. 
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Shotcrete 

Shotcrete is used in both new construction and remediation 
work by WSDOT. Shotcrete is used in weak, highly weathered 
or hydrothermally altered zones to prevent differential ero
sion. It has also been used for interbedded sedimentary units 
in which differential weathering of poorly indurated units could 
undermine more resistance units. The shotcrete is reinforced 
either with wire mesh affixed to the slope or by the use of 
steel or polypropylene fibers incorporated into the shotcrete 
mixture. Adhesion of the shotcrete to the slope is lessened 
under excessive moisture conditions . Weep holes through the 
shotcrete are installed with every application. WSDOT pre
fers the use of fiber-reinforced shotcrete because it conforms 
better to slope irregularities and is simpler and less expensive 
to construct. Experienced workers are an important factor in 
the success of shotcreting for rock slope stabilization. 

Rock Sheds and Tunnel Portal Extensions 

Rock sheds are in place on Washington mountain passes where 
the highway crosses large talus and avalanche slopes. WSDOT 
also utilizes portal extensions for tunnels , where necessary . 
to minimize risk from rockfall. 

Rock Patrols 

The Maintenance Division of WSDOT plays a very important 
role in rockfall control along state highways. Rock patrols are 
run on certain sections of state highways 24 hrs a day, 7 days 
a week because of increased rockfall frequency during late 
fall and winter. 

Rock Slope Remediation Specifications 

Until 1986, WSDOT did not have specifications for rock slope 
remediation. WSDOT surveyed other western states and found 
that none had such specifications either. WSDOT has since 
developed standard special provisions for scaling and trim
ming operations, rock bolting and doweling, horizontal rock 
drains, and shotcreting. The emphasis of the special provisions 
is quality control and amount of work experience. Rock anchors 
and shotcrete have performance specifications to ensure qual
ity installation and application. All of the specifications con
tain language requiring a minimum level of work experience 
for all workers involved in remediation. WSDOT believes that 
only experienced workers should be allowed to perform 
remediation because all phases of the work are potentially so 
hazardous. 

CONCLUSIONS 

WSDOT controls rockfall containment, as well as prevention 
and minimization. A full spectrum of rockfall ditches , fences, 
and rock slope stabilization methods is employed for con-
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trolling rockfall in Washington State. Increased interest in the 
state on maintenance issues has resulted in appropriation funds 
for rockfall mitigation for a proactive response to rockfall 
problems. WSDOT is using a rockfall priority-ranking system 
to identify rockfall problems on a regionwide basis and to 
provide a logical plan for mitigation. In addition, Washington 
State is developing an expert-type management system to 
address unstable slope problems on a statewide basis. 
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Abridgment 

Selection of Rockfall Mitigation 
Techniques Based on Colorado Rockfall 
Simulation Program 

R ICHARD D. ANDREW 

Until recently, predicting rockfall behavior has, at best, been 
extremely subjective. Many of the existing rockfall models had 
proven to be inaccurate and unrealistic in characterizing real-life 
rockfall occurrences with variable slope conditions. The inability 
to characterize a rock in motion led engineering geologists with 
the Colorado Department of Transportation and the Colorado 
Geological Survey to develop , test, and adopt the Colorado 
Rockfall Simulation Program (CRSP). Since its first release in 
late 1987, the program has been used to analyze a number of 
hazardous rockfall areas along the Interstate 70 project through 
Glenwood Canyon in Colorado. This, in turn, has led to the 
development of some fairly innovative mitigation techniques. Three 
devices have undergone extensive testing and have been applied 
to several locations along this scenic highway with an impressive 
record of performance. 

For years, engineering geologists with the Colorado Depart
ment of Transportation (CDOT) and the Colorado Geological 
Survey (CGS) have attempted to understand the random 
behavior of rocks in motion and to control their effects on 
Colorado's highways. Many of the mountainous roadways 
traverse hazardous rockfall areas, which exhibit highly vari
able slope conditions and are difficult to analyze. During con
struction of the J-70 project through Glenwood Canyon, not 
only were these conditions encountered, but also there was 
the concern for minimizing the environmental impact of the 
mitigation procedures. The Colorado Rockfall Simulation 
Program (CRSP) was developed to provide an understanding 
of rockfall behavior along the highly irregular canyon walls. 
The program models varying slope conditions and provides 
information on the velocities . bounding heights, and energies 
of falling rocks at any point along the slope (1, 2). This infor
mation is critical in determining the most appropriate type 
and location of mitigation. 

Since its development in 1987, CRSP has been useful in 
designing several forms of mitigation, including the tire atten
uator. the Colorado Flexpost fence, and, more recently, the 
use of geosynthetics as reinforcement in rockfall barriers. These 
systems have undergone extensive field testing and have proven 
to be effective in controlling rockfall. Several locations 
throughout Glenwood Canyon have received these systems 
for mitigation of rockfall hazards. 

Colorado Geological Survey, 1313 Sherman Street, Denver, Colo . 
80203. 

APPLICATION 

For years, the Glenwood Canyon geotechnical staff has been 
monitoring rockfall events on and around the 1-70 improve
ment project. A data base was established that reflected the 
areas receiving the highest incidence of rockfall. This data, 
in addition to extensive field review, Jed geologists to priority
rank the rockfall-prone areas. CRSP was used to analyze these 
area and assist in determining the most suitable mitigation 
system. 

Tire Attenuator 

The tire attenuator system was developed during the calibra
tion of CRSP at the West Rifle test site near Rifle, Colorado 
(see Figure 1) . It was designed to absorb kinetic energy and 
reduce bounding heights of incoming rockfall, then return to 
its original position without maintenance intervention. 
The system utilizes columns of used tires on rims supported 
by a series of 3-in. steel pipes. which are attached to a large
diameter wire rope suspended across a gully or draw. Rock 
anchors are used to secure the wire rope assembly to bedrock. 
For aesthetic reasons, a facade consisting of 8-in. wooden 
posts suspended from a separate wire rope may be placed 
downslope of the tire elements. Rocks that detach from the 
source area encounter the tire attenuator while their energy 
is at or near maximum . After impact, most of the energy is 
absorbed, thus increasing the summers of 1989 and 1990. The 
most durable utilized nineteen 270-ksi , 0.6-in.-diameter ten
dons grouted in two sections of 3Y"·in. inside diameter steel 
casing. The flexibility of the posts was provided by leaving 
18 in. of the tendons uncased near the ground surface. The 
overall height of the posts was 11 ft. Maccaferri rock mesh 
strengthened with steel aircraft cables provided the net mate
rial in the fence. It was observed during the testing that when 
the netting was placed on the downhill side, the interaction 
between the fence and the rock was more prolonged , thus 
enabling more components of the fence to react to the impact 
(4). 

The Colorado Flexpost fence has been utilized in three 
locations on the Glenwood Canyon Project. Construction has 
recently begun at 22 additional locations throughout the can
yon as part of a comprehensive rockfall mitigation project for 
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FI GURE I Tire attenuator. 

the 15-mi-long stretch of 1-70. CRSP was used to analyze all 
of these locations and provide the criteria for location and 
height. 

Rockfall occurs at numerous locations throughout Glen
wood Canyon; however. one location has been of special 
concern-an area just west of the Shoshone Dam along the 
Hanging Lake rest area on-ramp. 

The source area is composed of quartzite interbedded with 
thin dolomitic layers that tend to be Jess resistant to weath
ering. The formation is jointed perpendicular to the bedding 
planes. which in conjunction with the highly weathered dolomite 
beds results in large blocks that topple away from the face. 
Some of the smaller rockfall occurs from a revelling cut near 
the base of the talus deposit, which was a result of poor 
grading techniques probability that the rock will be deposited 
on the talus and will not travel down to the roadway (3). 

CRSP integrates with this system by providing the optimum 
location based on the incoming velocity and bounding height. 
The effects of the attenuator on the resulting rockfall may 
also be determined by analyzing the kinetic energy of the rock 
at the designated location and subtracting the energy lost to 
the attenuator system. 

FIGURE 2 Colorado Flexpost fen ce (4). 
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STACKED TIRES 

Three locations in Glenwood Canyon that have been prone 
to rockfall have received the tire attenuator system with prom
ising results . Although the systems have been in place for only 
a few years. the early indications are that they are performing 
well. These areas have favorable conditions for this system 
including a long run-out zone for deposition of material not 
retained in the attenuator and narrow rockfall chutes. 

Flexpost Fence 

The goal of the Flexpost fence was to construct a durable and 
effective rockfall barrier that would utilize surplus and in
expensive elements. This was accomplished by designing a 
fence that would distribute the energy from a rock impact 
throughout the entire length of the barrier and redirect the 
rock to an energy-absorbing collision with the ground. 

Prestressing tendons from the fenceposts in this system . and 
are a key component in the design concept (see Figure 2). 
Several configurations of the post were tested during the old 
Highway 6 construction. 
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FIGURE 3 Geosynthetic rockfall barrier . 

CRSP was recently used to evaluate the slope, and from 
this information it was determined that the Colorado Flexpost 
fence would be the most efficient application. The program 
indicated that just above the raveling cut, velocities and 
bounding heights were at a level such that the Flexpost fence 
would be most effective in controlling the maximum probable 
rock size of 3 ft. 

Geosynthetic-Reinforced Impact Walls 

Arthur Ritchie of the Washington State Department of Trans
portation (WSDOT) observed the implications of angular 
momentum on rockfall behavior and addressed its control 
through his ditch design criteria (5). However, in many moun
tainous regions, space and aesthetic constraints will not allow 
the use of a wide catchment. During the evaluation of several 
rockfall zones in Glenwood Canyon , it became apparent that 
there was a need for near-vertical foreslopes in catch basins 
for areas in which large ditch widths could not be constructed. 
The Glenwood Canyon geotechnical staff tested a double
sided geosynthetic-reinforced wall for use as a rockfall barrier 
at the West Rifle site. The purpose of these tests was to 
establish design guidelines for an impact wall to be constructed 
in Glenwood Canyon and to understand the limitations of 
geosynthetics in dynamic loading conditions (see Figure 3) . 

On November 15, 1990, the Glenwood Canyon geotech
nical staff was contacted to investigate a rockfall that had 
occurred earlier that morning at a location 10 mi to the east 
of the Glenwood Canyon Project. Several large boulders aver
aging 4 to 5 ft in diameter had been detached near the crest 
of the hillside from a contorted zone in the Eagle Valley 
evaporite formation. Most of the rockfall had landed on the 
Interstate. closing one lane . 

An investigation of the source area revealed that the majority 
of unstable material had not yet been detached. Two large 
boulders, each measuring 8 ft in diameter, had become wedged 
near the base of the funnel-shaped source area and were block
ing an additional 20 to 30 yards of material. It was concluded 
that a large berm would be the most appropriate mitigation 
method for controlling impending and future rockfall hazards . 

CRSP was used to model the slope and predict future rock
fall behavior. The program indicated that a 35-ft-wide ditch 
would be required in front of a 15-ft-high impact wall, with 
the impact surface constructed to be nearly vertical. A com-
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posite wall was constructed utilizing tire-faced geosyntheti
cally reinforced soil and L-walls. Behind the wall was a 25-
ft-wide berm, which was required for the predicted high-impact 
energies and to blend the feature into the hillside. 

The composite wall and ditch configuration were tested by 
blasting the large boulders loose from the funnel-shaped chute 
and releasing the trapped material. All the material removed 
by the blast was retained by the impact wall, including the two 
8-ft-diameter boulders . In July 1991. the remaining unstable 
rock was released and the entire fall was contained by the wall. 

CONCLUSION 

CRSP has been instrumental in analyzing complex slope con
ditions in and around the Glenwood Canyon Project. This 
information has been necessary in determining the most 
appropriate and cost-effective methods for controlling haz
ardous rockfall. As a result of the CRSP research. three inven
tive and economical mitigation devices have emerged: the tire 
attenuator, the Flexpost fence. and geosynthetic-reinforced 
rockfall barriers. Through the use of these three systems. 
developed in conjunction with CRSP, the integrity of Colo
rado's transportation facilities and the safety of motorists have 
been greatly enhanced . 
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COOT Flexpost Rockfall Fence 
Development, Testing, and Analysis 

GEORGE HEARN, ROBERT K. BARRETT, AND MrcttAEL L. McMULLEN 

Highw<Jys in Colorado are being protected against rockfall hazard 
by a new flexible fence developed in a 2-year program of prototype 
testing and dynamic analysis. The Flexpost rockfall fence consists 
of steel gabion mesh and wire rope supported on flexible posts 
constructed of steel pipe and 7-wire strands that are capable of 
elastic rotations in excess of 90 degrees out of the vertical. The 
rotation capacity of the posts allows the fence to respond to 
rockfall impact with large elastic deform<Jtion and to rebound 
after impact. The fence does not employ out-of-place stays. which 
would hamper the use of equipment to clear rockfall debris. In 
impacts by massive. high-velocity rocks. tensions in the steel fabric 
impose a centripetal acceleration on the rock and lead it to an 
impact with the ground. dissipating the rockfall kinetic energy. 
Flexpost fence prototypes were tested with rocks falling freely 
down a natural slope. The tests provided basic data on rockfall 
capacity . which were further refined by dynamic analysis using 
software developed specifically for the Flexpost fence . The dynamic 
analysis treats the fence and falling rock as separate bodies. 
computes contact forces. and includes modeling of a moving contact 
area. Analysis of prototype test cases agreed with the field 
ob,ervations. Flexpost fences are made of lightweight. readily 
available components. are inexpensive . and are already in service 
in Colorado. 

To minimize rockfall hazard along its roads. the Colorado 
Department of Transportation (CDOT) maintains an active 
program of research into rockfall hazard prediction and mit
igation. This effort has produced techniques for computer 
simulation of rockfall events and computation of site-specific 
statistics of rockfall hazard. and has led to the design and 
testing of innovative rockfall barriers. including earth-filled 
timber cribs. geofabric walls. kinetic energy attenuators. and 
the Flexpost rockfall fence (/ .2). 

Rockfall barriers are intended to prevent rocks in motion 
from reaching roadways and are designed for impact. The 
input is the kinetic energy of a falling rock, and the barrier 
must dissipate this energy. Impact force depends on rockfall 
kinetic energy and on the stiffness and mass of the barrier. 
Within limits. it is possible to manipulate impact force through 
structural design. The trade is one of greater deflection for 
lower force. Rigid barriers respond to rockfall impact with 
high force. Flexible. compliant barriers respond to the same 
impacts with lower force. 

The Flexpost rockfall fence is compliant. The fence is a 
fabric of steel mesh and wire rope supported on spring-mounted 
posts (see Figure 1). The posts can rotate elastically through 
angles more than 90 degrees out of the vertical and develop 

G. Hearn . University of Colorado. Campus Box 428. Boulder. Colo. 
80309. R. K. Barrett. Colorado Department of Transportation. P.O. 
Box 2107. Grand Junction. Colo. 81520. M. L. McMullen . Colorado 
Department of Transportation. 4201 East Arkansas Avenue. Denver. 
Colo. 80222. 

only a modest resisting moment. The capacity for elastic rota
tion in the posts provides a large capacity for elastic deflection 
of the fence . Because of the low-force. elastic behavior of the 
posts. impact forces are reduced and the fence rebounds to 
be ready for other rockfalls. The fence fabric is initially slack 
and easily forms a pocket to trap incident rocks. In impacts 
by large. fast-moving rocks it is observed that the fence imposes 
a centripetal acceleration on the rock . leading it to an impact 
with the ground, which is used as a massive barrier to absorb 
rockfall energy. Other rockfall fence designs are compara
tively rigid and may allow large permanent deflections by the 
use of uphill cable stays and slip mechanisms. Such fences 
cannot rebound. and the stays interfere with equipment for 
clearing. The Flexpost design avoids both of these limitations. 

FLEXPOST ROCKFALL FENCE DESIGN 

The Flexpost fence is constructed of steel gabion mesh and 
interwoven wire ropes supported on flexible posts. The fence 
is 11 ft tall with posts spaced 16 ft for interior panels and at 
8 ft for end panels. The gabion mesh is suspended from a top 
cable along the length of the structure and wrapped around 
end posts. The top cable is clamped to the top of each post. 
Three intermediate cables are woven into the mesh as rein
forcement and are attached to end posts. A bottom cable is 
woven into the mesh. anchored to foundations at the end 
posts. and connected to intermediate post foundations by 3-
ft cable tethers. Cable stays run from each post foundation 
to the tops of adjoining posts and form X-bracing in each 
panel. The cable stays carry tensile loads to the post foun
dations during rockfall impact and constrain the posts to rotate 
normal to the fence run . 

Each post is made of two lengths of 3-in. inside diameter 
steel pipe encasing a group of 7-wire prestressing strands. One 
length of pipe serves as a ground casing. Posts are founded 
by grouting this casing into the earth. The upper length is the 
visible post. A group of 19 prestressing strands are grouted 
into both pipe lengths. At the ground surface between the 
two pipe lengths. 18 in. of the strand group is left without 
casing. The unencased strands bend easily. allowing each post 
to behave like a bar on a spring-loaded pivot. The strands 
allow elastic rotations of posts in excess of 90 degrees and 
posts can be bent over to touch the ground and wilt spring 
back when released. In Figure 1. the total strand length is 
indicated in the post on the left. 

Flexpost rotational stiffness was determined in 16 static tests 
of six posts. Flexposts were loaded at the top by a cable 
attached to a hydraulic ram. Cable tension was calculated 
from hydraulic pressure readings and ram calibration. Hori-
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FIGURE 1 CDOT Flexpost rockfall fence elevation. 

zontal and vertical deflections of the tops of the posts were 
recorded along with ram hydraulic pressure readings, and the 
data were used to compute base moment Mand post rotation 
0. Flexposts exhibit bilinear M versus 0 behavior with an initial 
tangent stiffness of 90,000 ft-lb/rad for moments up to 2,300 
ft-lb, and a second tangent stiffness of 1,600 ft-lb/rad for higher 
moments. The average M versus 0 curve obtained from static 
tests is shown in Figure 2. 
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FIGURE 2 Flexpost static tests. 
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PROTOTYPES AND ROCKFALL TESTS 

The first prototype Flexpost fence was built in 1989, and two 
additional prototypes, both incorporating design advances, 
were built and tested in 1990. Schematics of the prototypes 
are shown in Figure 3. The 1989 fence was 6 ft tall and had 
six posts spaced at 12 ft. Static load tests were conducted on 
individual posts, and dynamic tests of the fence were accom
plished with rocks swung by a crane in the manner of a wreck
ing ball. Impact conditions in this dynamic test were not iden
tical to those of rocks bounding down a slope, since attachment 
to the crane constrains rock trajectory. However, the test did 
demonstrate the resilience of strands in Flexposts and the 
capacity of steel gabion mesh in rockfall impacts. Analysis of 
data from this first test indicated that strain energy developed 
in the Flexpost strands was significantly less than rock kinetic 
energy and could not be the chief mechanism of energy dis
sipation. Instead, the fence arrests rockfall by developing ten
sions in its fabric of mesh and cables, and by altering rock 
trajectory. The rockfall capacity of the fence is not a function 
of the spring stiffness of Flexposts (Flexposts are not canti
levers resisting impacts), and therefore taller fences with sim
ilar post design could be expected to perform adequately. 

Prntotype 1080 

I 
Prototypr. 1990 July 

:::::P@<I><t><l><l><s r·" 
lQY.11 IGn 

Pl'otolype 1900 August 

FIGURE 3 Flexpost rockfall fence prototypes: schematics for cables 
and posts. 
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In July 1990 a second prototype was built and tested. This 
fence was 11 ft tall with a post spacing of 16 ft. Another 11-
ft fence was built and tested in August 1990. The August 
prototype included cable X-bracing in panels to protect post 
strands from tensile forces during rockfall impact . Both of the 
1990 prototypes were tested with rocks rolling freely down a 
natural slope at a site near Rifle, Colorado. The slope is 500 
ft long with an average slope of 66 percent. Rockfall velocities 
at impact as high as 50-ft/sec were observed in the Flexpost 
tests. Average rockfall velocity at impact was 32 ft/sec. Tests 
of other rockfall structures at this same site reported velocities 
as high 75 ft/sec (1) . Rocks for prototype tests were numbered 
and weighed, three principal diameters were measured, and 
a pattern of paint dots was applied to make rock rotations 
more visible. The supply of test rocks ranged in weight from 
145 to 9,700 lb. Rocks that hit Flexpost fence prototypes 
ranged from 265 to 6,040 lb. Rockfall impacts were recorded 
by two videocameras: one a sweep camera following the rock, 
and the other a fixed camera focused on the Flexpost fence. 

The fence was marked with colored ribbons in the mesh to 
improve visibility on videotapes. The slope of the test site 
was also marked with ribbons at 10-ft intervals extending 60 
ft uphill from the fence; these ribbons were used as reference 
points for estimating rock velocity from the videotapes. Time 
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scales were added to the videotapes after testing. Data obtained 
from the videotapes included rock translational velocity. rock 
rotational velocity, vertical angle of rock traj ectory, horizon
tal angle of rock trajectory , location of impact on fence, post 
rotations in response to impact, and damage to fence, if any. 
Rockfall weights, velocities, and energies are summarized in 
Table 1 and Figure 4. 

During testing of the July prototype, 31 rocks were dropped 
resulting in 12 impacts with the fence (see Figure 5). Of these 
12 impacts, 8 were stopped without damage to the fence, 1 
tore the mesh fabric, and 3 overtopped the fence, which at 
the time was partially held down by previous rockfalls. Trans
lational kinetic energies of rock impacts ranged from 4,700 
to 166,000 ft-lbs. The July prototype was not damaged by 
impacts with translational kinetic energies as high as 42,600 
ft-lb (a 1,490-lb rock travelling at 43 ft/sec) . but was damaged 
by a rockfall at 44,100 ft-lb (a 1,550-lb rock travelling at 43 
ft/sec). The July prototype appeared to have sufficient strength, 
but after repeated rockfall impacts , Flexpost strands had become 
permanently deformed . By the end of the testing, Flexposts 
would no longer rebound after rockfall impact, though the 
posts would remain vertical if righted. It appeared that the 
combination of large bending deformation and tension in the 
strands was the cause of damage . 

TABLE I SUMMARY OF ROCKFALLS IN PROTOTYPE TESTS 
Test Rock Rock 
Date # Weight 

lb• 
July 10, 1990 22 608 

23 1,490 
64 597 
70 750 
31 597 
47 1,540 
46 1,390 

3,600 
41 1,510 

3,820 
65 949 
38 4,700 

Augu•L 13, 1090 5 m 
40 6,040 
64 597 
36 1,392 
48 1,700 
37 797 
41 1,510 
34 592 
9 1,620 

12 1,360 
August 21, 1990 37 797 

13 305 
14 1,280 
64 597 
70 750 

3,600 

I 2 J 4 5 fi 
Hork Weight, lb 

('l'lio11.sa11ds) 

Rock Trans_ Rot . 
Ve! K.E. K,E. 

Jrt.• ff·lh ft-lb1 
31 .7 9,480 4,140 
42.9 42,600 11,300 
31.3 9,090 2,510 
28.2 9,260 4,440 
22 .5 4,710 790 
42 .9 44,LOO 17,200 
37 .5 30,300 6,880 

41.1 39,600 18,600 
25.1 37,400 21,200 
42 .9 27,100 6,140 
47 .6 166,000 36,200 
2G.I 2,720 1,360 
18 8 
37.5 132,000 243,000 
33.3 10,300 1,830 
13 0 4,220 959 
10 9 3,160 2,050 
35.4 15,500 6,680 
50.0 58,700 15,700 
35.4 11,500 4,100 
15.l 5,660 2,550 
37.5 29,600 6,730 
43.8 23,700 6,680 
33 .3 5,270 468 
33 .3 22,200 11,300 
17.3 2,770 3,290 
28.6 9,560 2,310 
21.4 25,700 18,300 

1dl 
111 2U 30 40 50 

Velocity, rt/s 

Total 
K.E Observations 
ft-16• 

13.GOO No O•m•gc 
53,900 No Damage 
11,600 No Damage 
13,700 No D11mage 
5,500 No Damage 

61,300 Tore Mesh 
37,200 No Damage 

No Damage 
58,200 ll eld Fence Down 
58,600 Overtoppcd, fence Held Down 
33,200 Overtopped, Fence Held Down 

202,000 OvcUOpJJCd, Fence Held Down 
4,080 No bamagc 

Tore Stay 
375,000 Tore Mesh 

12,100 Th rough M csh Jlolc 
5,180 No Damage 
5,210 No Damage 

22,200 No Damage 
74,400 Tore Mesh 
15,600 No Damage 
8,210 No Damage 

36,300 Fabric Deformed 
30,400 No Damage 
5,740 IJenl Post 

33,500 No Damage 
6,060 No Damage 

11,900 No Damage 
44,000 Tore Mesh and Top Cable 

JiL 
10 20 30 40 50 60 >100 

Rock Energy, rt-lh 
(Thousands) 

FIGURE 4 Flexpost rockfall fence: summary of field test rockfalls. 
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FIGURE 5 Flexpost field tests: rock impact locations. 

A third prototype with a revised design was tested on August 
13, and again on August 21, 1990. This August prototype had 
the same post height and spacing as the July prototype and 
in addition, had diagonal cable stays forming X-bracing in 
fence panels connecting post tops to post foundations. These 
stays take tensions during rockfall impact and protect the 
Flexpost strands. The August prototype was tested by 17 rock
fall impacts out of 39 attempts (Figure 5). Of the impacts, 12 
were stopped without damage, 2 tore the mesh, 1 bent a 
Flexpost (the rock was stopped), 1 tore a diagonal stay, and 
1 tore the mesh and the top horizontal cable. Translational 
kinetic energy of the rockfalls ranged from 2,700 to 132,000 
ft-lb . The August prototype withstood an impact with a trans
lational kinetic energy of 29,600 ft-lb without damage, and 
was damaged by an impact of 58,700 ft-lb. The Flexposts were 
able to rebound throughout the 2 days of testing with no 
apparent loss of elasticity in strand groups. The cable stays 
provided adequate protection for the strands. 

ROCKFALL CAPACITY OF FLEXPOST FENCE 

Field Tests 

The 1990 rockfall tests confirmed the mechanism of rockfall 
response proposed after the 1989 test. For impacts of low 
kinetic energy, the Flexpost fence responds through inertial 
resistance and through straining in mesh, cables, stays, and 
posts. The fence structure itself absorbs the rockfall kinetic 
energy. For more severe impacts, inertial and stiffness resis
tances remain, but a second mechanism is also observed. Large. 
fast-moving rocks stretch the fence fabric taut, which imposes 
centripetal accelerations on rocks and can lead them to impacts 
with the ground. For severe impacts, it is the earth, not the 
fence, that absorbs rockfall kinetic energy. Direct tensions in 
mesh and cables provide the primary means of capturing fall
ing rocks and of altering their trajectories. Spring stiffness of 

Flexposts and inertial resistance of the fence masses are not 
significant contributors in halting large, fast-moving rocks. 

The 1990 rockfall tests indicate that the rockfall capacity 
of the Flexpost fence is limited by the strength of the mesh. 
The mesh is usually the first element to fail, and its failure is 
associated with a specific level of rockfall energy. Other com
ponents were damaged in testing. In separate rockfalls. a 
diagonal stay was torn, a top cable was torn. and a Flexpost 
was bent. Posts and stays cannot deflect as easily as the mesh 
and may be damaged when hit squarely by a rock. Neither a 
bent post nor the loss of a stay will reduce the rockfall capacity 
of the fence, and indeed did not reduce the rockfall capacity 
of the prototypes. Loss of a stay may result in deformation 
of the strands in one post if there are repeated impacts after 
the stay is lost. The top cable failed along with the mesh in 
an impact directly on the top cable. Top cable failure is not 
a new more restrictive limit state for the fence. 

Computational Analysis 

A large-deformation, dynamic analysis program was devel
oped to provide data on member forces, to compute fence 
response to rockfalls not observed in prototype tests , to estab
lish the rockfall capacity of the fence, and to study design 
modifications. The program uses a time-step approach to com
pute node displacements and member forces during rockfall 
impact. The rock and the fence are treated as separate bodies. 
Information on rock position and on fence geometry is used 
to compute contact forces acting on fence nodes. Contact 
forces drive fence deformations and alter rock speed and tra
jectory. The analytical model of the Flexpost fence includes 
more than 300 lumped-mass nodes connected by a gridwork 
of mesh and cable members. Nodes occur at all post tops and 
foundations, in the mesh at post centerlines , and in the mesh 
at the midspan of mesh panels. Additional nodes 1 ft on center 
are placed in mesh panels near the location of rock impact. 
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This close spacing of nodes is required to model the contact 
of the rock with the fence fabric. Fence models with differing 
contact panels were prepared to handle various impact loca
tions (see Figure 6). These models all correspond to the August 
prototype. 

Mesh and cable members can carry tensions only (negative 
strains produce a computed zero-force value). Mechanical 
properties for cables have been taken from manufacturers' 
literature and developed from material tests for the gabion 
mesh (2). Flexposts are modeled as beam elements on spring 
mounts. Spring stiffness for post rotation is taken as the bi
linear relation obtained from static tests. Rockfalls observed 
in the August tests were used as input rockfall cases for the 
dynamic analysis program (see Table 2). Fence deflections, 
member forces, and contact forces were computed. Analysis 
results were found to be in good qualitative agreement with 
observed performance of the prototype (for impacts that dam
age the fence, analysis results indicate member forces in excess 
of the expected breaking strength). Figure 7 shows a set of 
typical fence-deflected geometries during impact. 

The influence of diagonal stays in the fence was investigated 
through a reanalysis of selected August rockfall cases using 
a fence model without stays. Analysis results indicate that 
mesh and top cable forces are lower for the fence without 
stays, because the fence is more flexible without them. Forces 
in intermediate cables are also lower, but the differences are 
not always great. Bottom cable force is increased. Lack of 
diagonal stays eliminates an important load path for transfer 
of fabric forces to the foundations and leaves much of this 
task to the bottom cable alone. Interior posts are always in 
compression when stays are present. Without stays, interior 
posts may experience net tensions. 

To establish the rockfall capacity of the Flexpost fence, the 
dependence of member forces on rockfall energy, impact loca
tion (especially impact height), and design parameters such 
as post spacing was examined. It was found that member 
forces are proportional to the square root of rockfall kinetic 
energy. Plots of maximum forces in the top cable and in the 

Model Cl 

TABLE 2 FLEXPOST ROCKFALL FENCE: 
ROCKFALL INPUT CASES FOR 
DYNAMIC ANALYSIS 

1\:&I 
Date 

Rock Rodi lmpn<I Loe. lmp•<L VOi. 
# Weight x y z v,.. V.· v,, 

lbs ft ft ft ft/s ft/s ft/• 
Aug.13 5 256 56 0 1 0.0 25.7 4.5 

40 6,040 36 0 4 -6.5 30.7 21.5 
64 597 36 0 4 ·5.8 31.3 11.4 
36 1,390 64 0 3 6.5 11 3 0.0 
48 1,700 68 0 0 00 10.9 0.0 
37 797 36 0 3 3.1 34 9 6 1 
41 1,510 36 0 5 o.o 47 .0 17 1 
34 592 44 0 3 o.o 34.2 9. 2 

1,620 67 0 l -5.2 14.2 0.0 
12 1,360 64 0 ~ o.o 37.5 0.0 

Aug.21 37 797 56 0 0.0 43.1 7.6 
13 305 40 0 0.0 31.3 -11 .4 
14 1,280 48 0 o.o 30 .2 14 .1 
64 597 29 0 0.0 15 .7 7.3 
70 750 35 0 0.0 24.8 14.3 

3 600 80 Q -7.3 18.0 9.0 
Coordinate origin is ground surface at the end of the fonce 
X is measured along the fence. Z is the gravity axis . 

27 

interior stay cables are shown in Figure 8. Despite some scat
ter, a linear dependence is apparent for all components ( cor
relation coefficients exceed 0.9). Maximum member forces 
only have a weak dependence on impact location. This result 
can be understood from an examination of deflected shapes 
of the fence. Most rockfalls are ultimately stopped near the 
top of the mesh, even when the initial impact occurs near the 
bottom. Rock impact near the bottom of the mesh will deflect 
the fence, and the fence will in turn exert forces tending to 
lift the rock. As a result, the pocket in the mesh that arrests 
the rock usually forms somewhere from the midheight to the 
top of the mesh. The Flexpost fence ushers rockfalls to its 
more compliant region, so the influence of initial impact height 
is minimized. It is therefore possible to state the rockfall 
capacity of the Flexpost fence in terms of limiting rock mass 
and velocity, without additional limits related to impact loca
tion within the fence. The curve of limiting rock velocity 
versus weight is presented in Figure 9 and indicates a limiting 
velocity of 41 ft/sec for a 1,000-lb rock and a limiting velocity 

J><[:>·:-;t1·<::[:>c:[::><tH 
Model C2 

Model C3 

FIGURE 6 Flexpost rockfall fence: models for contact problem. 
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FIGURE 7 Flexpost rockfall fence: response to rock impact. 
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TABLE 3 FORCES 
IN COMPONENTS 
LIMIT STATE: 
MESH RUPTURE 

Force 
Component lbs 
Top Cable 5,500 
Rnf. Cable, Top 3,800 
Rnf. Cable, Mid 6,900 
Rnf. Cable, Bott 5,500 
BoLtom Cable 10,600 
Stay, End 9,200 
Stay, Interior 5,800 

of 29 ft/sec for a 2,000-lb rock. Forces in other members 
corresponding to this limit state are given in Table 3. 

For foundations at end posts, shear force at mesh limit can 
be expected to be about 5,000 lb and uplift about 5,700 lb. 
Interior post foundation will experience shear force of 3,300 
lb and uplift of 800 lb. Additional information on Flexpost 
fence analysis may be found elsewhere (3) . 

FLEXPOST FENCE USE IN COLORADO 

The first service installation of a Flexpost fence was completed 
in 1990 along 1-70 in Glenwood Canyon. This fence has a 
total length of 580 ft and is similar in design to the 1989 
prototype. The bid price of the installation was $65/ft. Rock
fall hazard at the site is estimated to be as severe as a 700-lb 
rock travelling at 45 ft/sec. Rockfall hazard was estimated 
from data obtained in a site survey and statistical information 
on rock velocities and bounding heights computed by the 
Colorado Rockfall Simulation Program (1,4). Additional 
installations are planned for several miles of fence along high
ways in Colorado, beginning with a major rockfall remedia
tion project in Glenwood Canyon. 

In addition to its effectiveness as a protective structure, and 
its obvious economy, the Flex post fence is easily maintained. 
There are no structural members out of the plane of the fence 
to hamper movement of equipment. Mesh can be easily repaired 
by patching, and other components may be either spliced or 
replaced piecewise as necessary. Compared with other rock-
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fall protective structures, the visual impact of the Flexpost 
fence is minimal. 

SUMMARY 

Flexposts are the important source of elastic compliance in 
the rockfall fence. Compliance allows the fence to exercise 
its fabric of mesh and cables in tension as the primary load
carrying members. Since rockfall capture is achieved by direct 
tension in the fabric, the rockfall capacity of the fence does 
not depend on the spring stiffness of Flexposts. Impact height, 
a concern for structures that function by developing resisting 
base moment, is not a concern for the Flexpost fence. On the 
contrary, since centripetal force varies inversely with the radius 
of a rock's arc, high impacts mean reduced forces in the fabric. 
Flexpost fence height is limited only by dead weight demand 
on posts. Flexposts must possess sufficient stiffness to 
keep the fence upright. For a post spacing of 16 ft, the 
limiting fence height is about 15 ft for the present Flexpost 
construction. 

The Flexpost rockfall fence minimizes impact forces by 
allowing large deflections. Fence deflections are elastic; the 
fence rebounds after impact. Two years of testing, develop
ment, and analysis have produced an efficient structure of 
known capacity and proven performance. 
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Flexible Wire Rope Rockfall Nets 

JOHN D. DUFFY 

The California Department of Transportation field tested and 
evaluated wire rope rockfall nets designed to absorb and dissipate 
rockfall impact energies as high as 200 kilojoules (70 ft-tons). 
The nets were supplied by Brugg Cable Products of Switzerland, 
and L'Entreprise Industrielle of France. Over 80 tests were 
conducted in which rocks weighing 136 to 5900 kg (300 to 13,000 
~b) were rolled down a 76-m (250-ft) long, 34-degree slope. Rockfall 
impact en~rgy w~s ca!culated by adding translational kinetic energy 
and rotational kmet1c energy. Wire rope net energy dissipation 
was analy~ed. The. nets stop~ed rocks delivering impact energies 
up to 2.5 times design load with acceptable levels of maintenance . 
Maintenance and cleaning of the nets was easily accomplished by 
personnel using normal equipment and supplies. Damaged net 
components were repaired in a few minutes to 4 hr by maintenance 
crews. Wire rope rockfall catch nets will become a part of the 
rockfall mitigation measures available for use along California 
highways. 

The purpose of this research project was to construct, test, 
and evaluate the effectiveness of flexible wire rope rockfall 
nets that will be used to mitigate rockfall. All aspects of the 
installation and performance, including field repair and clean
ing, were evaluated. 

Two manufacturers participated in this research: Brugg Cable 
Products of Switzerland and L'Entreprise Industrielle (EI) of 
France. Both manufacturers had tested their systems under 
controlled conditions (1,2), but no testing had been done 
under actual field conditions . Therefore, the California 
Department of Transportation (Caltrans) conducted tests and 
evaluations of these systems before the installation of a state 
project (3). 

Brugg's system was constructed and tested by Caltrans per
sonnel on August 8 through August 11, and again from 
November 13 through November 16, 1989. The EI system 
was constructed and tested on December 4 through December 
7, 1989. 

DEFINITION OF ROCKFALL NET 

A rockfall net is a flexible barrier capable of catching and 
containing falling rocks (see Figure 1). This capability is a 
result of the net's design as a flexible system rather than as 
a standard, fixed-wire fence system. A properly designed bar
rier is flexible enough to absorb the anticipated energy with 
minimum damage to the system. Considerable flexibility is 
inherent in both the net material and the support wire rope 
infrastructure. Additional flexibility is added by using energy
dissipating friction brakes, which are attached to the wire rope 
support system and dissipate energy through friction as the 

California Department of Transportation, 50 Higuera Street, San Luis 
Obispo, Calif. 93401. 

wire ropes are pulled in tension . The two rockfall net systems 
tested by Caltrans consisted of rectangular panels of woven 
wire rope vertically supported by steel posts and designed 
with frictional brake elements. Both systems utilize woven 
wire rope with a fiber core. This construction provides greater 
flexibility than conventional steel-core cable. 

ROCKFALL NET DESIGNS 

Both Brugg's and El's woven wire rope net panels were 5 m 
(16.4 ft) wide and 3 m (9.84 ft) high. The panels were formed 
by weaving a single, continuous 9.5-mm (5/16-in.) wire rope 
into a 200-mm x 200-mm (8- x 8-in.) diagonal pattern around 
a wire rope border. Brugg net grid intersections were secured 
with machine-crimped fasteners fabricated from mild steel 
that had been coated with a corrosion-resistant zinc com
pound, whereas EI secured intersecting points with modified 
stainless steel cable clips. Both nets were covered on the 
impact side with chain-link mesh that was connected with wire 
ties on 0.6-m (2-ft) spacing. Chain-link mesh was used because 
of its flexibility. 

Brugg's panels were connected to an 18-mm (%-in .) perim
eter wire rope (minimum tensile strength, 24 tons) with 9.5-
mm (5/16-in.) wire rope lacing (see Figure 2). Adjacent net 
panels were also connected together with lacing. The perim
eter wire rope was fitted at the top and bottom of each panel 
with a single friction brake (minimum tensile strength, 
22 tons). 

Brugg friction brakes consisted of a loop in the wire rope 
secured with a heavy friction clamp and four bolts. The bolts 
were tightened to a specified torque to provide the desired 
tensile strength. When forces exceed this value, the brake is 
activated and the loop closes when the cable slips through the 
friction clamp. Brugg nets were suspended by wire ropes 
attached to 200-mm (8-in .) wide flange steel posts secured to 
the ground by concrete foundations and wire rope stanchions 
(see Figure 3). The upslope wire ropes were fitted with a 
friction brake (minimum tensile strength, 13.5 tons). 

EI woven wire rope panels were not hung from a perimeter 
wire rope, but directly attached to the support posts (see 
Figure 4). Adjacent panels were joined together with steel 
bands. El's friction brakes are four-bolt clamps shaped to 
accommodate two wire ropes that are sandwiched between 
them and tightened to a predetermined amount by applying 
a torque to the bolts. Each brake is preset to a minimum 
tensile strength of 2.75 tons . Instead of wire rope loops as 
used in the Brugg system, El's brakes have excess wire rope 
exiting the brake. The excess wire rope is designed to slip 
through the braking device under tension. The length of this 
wire rope is predetermined and corresponds to anticipated 
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FIGURE 1 Brugg flexible rockfall net in action (rock weighs 3 
tons) (Courtesy of John Walkinshaw, FHWA). 
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FIGURE 2 Typical plan view and front view of Brugg rockfall 
net. 

SECTION Anchor Friction Brake Steel Post 

FIGURE 3 Typical side view of Brugg rockfall net. 

energy dissipation. Short sections of chain, referred to as a 
fuse link, connect the friction brakes to fixed locations at each 
panel corner and ground anchor location . 

EI nets were supported by four 140-mm (5Y2-in.), 4-mm 
(5/J~-in.) galvanized steel box posts. A concrete foundation is 
not required for the EI rockfall net. Instead, the base of each 
steel post rests on the ground and is secured by 0.6-m (2-ft) 
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long steel stakes driven through post baseplate holes into the 
ground. Each post was supported by three 12-mm (%-in.) guy 
wire ropes looped over the top (see Figure 5). The two end 
posts had a similar guy wire rope attached to lateral anchors. 
A single 6-mm (V4-in.) wire rope was attached to both the 
base of the posts and the upslope anchors to restrict the move
ment of the base of the post. 

TEST PROCEDURE 

In order to observe and analyze the flexible rockfall nets under 
field conditions, nets were constructed at the base of a slope 
and boulders of various sizes were rolled down the slope into 
the nets. Brugg's test section was 19.5 m (64 ft) long and 3 
m (10 ft) high. El's test section was 15 m (49 ft) long and 3 
m (10 ft) high. The slope used for the tests was 40 m (130 ft) 
high and 65 m (215 ft) long with an overall slope angle of 34 
degrees (see Figure 6). The slope measured along the ground 
surface was 76 m (250 ft) long. Relative to the rockfall diam
eters, the slope was smooth and did not greatly affect rockfall 
trajectories. There were, however, several gullies that affected 
rockfall trajectories of small, 0.3- to 0.6-m (1- to 2-ft) diameter 
boulders. Vegetation was sparse and had little, if any, effect 
on rockfall trajectories. 

The slope material was composed of landslide debris con
sisting of 25- to 450-mm (1- to 18-in.) rock fragments in a 
matrix of clayey silt. This material was dry and hard during 
all three tests. However, in some areas, successive boulder 
rolls broke up the surface and created soft spots in the slope 
that seemed to decrease the velocity of some boulders. Test 
boulders were composed of hard, competent rock with a spe
cific gravity ranging from 2.91to3.03. For test purposes, many 
of the rocks selected were round. Eighty boulders were rolled. 

Before rock rolling, the three principal axes (x, y, and z) 
of each boulder were measured and the values were used to 
estimate rock weight and inertia. Fifteen boulders were accu
rately weighed with a load cell. Rock weights ranged from 
136 kg (300 lb) to 5,900 kg (13,000 lb). Rock rolling was 
recorded on video and high-speed (16-mm) film from four 
locations along the slope. Four cameras captured two side, 
one oblique, and one front view. 

Reference lines at 15-m (50-ft) intervals were placed on the 
slope perpendicular to the slope axis, which allowed detailed 
measurements of rockfall velocities. In addition, stadia rods 
1 to 2 m (3 to 6 ft) high were randomly placed on the slope 
for bounce height analysis. 

The nets were examined periodically during testing and net 
performance was recorded while repairs were made between 
rock rolls when necessary. 

Rockfall Energy Analysis 

Kinetic energy is the most common measurement used to 
describe rockfall for engineering design. According to 
Chasles' theorem, any general displacement of a rigid body 
(boulder) can be represented by a translation plus a rotation 
(4). On the basis of this theorem, the process of rockfall is 
made up of two components-translational motion and rota
tional motion-which can be quantified as energy in motion, 



32 

PLAN 

UpSlo~-t ~~L . ~ 

.' ' 
Guy Wire 

Friction Brakes Mesh Ropes Steel Posts Anchors 

FRONT 

FIGURE 4 Typical plan view and front view of EI rock net. 
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FIGURE 5 Typical side view of EI rockfall net. 

or kinetic energy. Calculation of these kinetic energies (KE) 
is based on the assumption that the mass of the boulder is 
concentrated at the center of mass, and its motion revolves 
around the center of mass ( 4). Rockfall motion is therefore 
the sum of the translational kinetic energy (KET) and the 
angular kinetic energy (KEA) (5-7). This sum, the total kinetic 
energy (KE), is expressed mathematically as 

Total KE = KET + KEA = 1/2mv2 + 1/21w2 (1) 

h 2 f) 

where 

m= 
v = 

I= 
w= 
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mass of the boulder, 
velocity of the boulder just before impact, 
moment of inertia of the boulder as it spins, and 
angular velocity of the spinning boulder just before 
impact. 

Rockfall kinetic energy is most commonly described in units 
of foot-tons, foot-pounds, or kilojoules. 

Dynamic Load Path Analysis 

The dynamic load path analysis was performed in an attempt 
to determine the forces occurring within individual net com
ponents. This information was used to study the net system 
and how the load is distributed. Because of the difficulties of 
analyzing dynamic loading, broad assumptions were made in 
this analysis. Therefore greater reliance should be placed on 
empirical field performance in the design of nets. 

Rocks striking the net generate forces throughout the net 
system that are dissipated through the flexibility of the net. 
These forces emanate from the point of impact to the net 
system perimeter and apply loads that travel along a load path 
(Figures 7 and 8). The load path consists of several structural 
net components with various strengths and load-dissipation 
capabilities. When all components in the load path are in 
equilibrium, the net system is balanced. A balanced net sys
tem is the optimum design for load-carrying capacity. 

Three rockfall impacts were analyzed dynamically to iden
tify the load path and the loads within the load path. This 
was accomplished by analyzing the film footage of actual tests 
and using those data in the calculations. 

Such events are analyzed using the vector quantities of 
impulse and momentum: 

Ft= mv 

Impulse momentum change 
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FIGURE 6 Cross section of test slope. 
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where 

F = applied force, 
t = time the boulder takes to decelerate to zero, 

m mass of the boulder, and 
v = translational velocity at the initial point of impact (7). 

An attempt was made to calculate the distribution of the 
impact loading. Because of the difficulty of mathematically 
predicting dynamic loading, an idealized net system was 
assumed. This system consisted of a 200-mm (8-in.) mesh 
attached to a 18-mm ("%-in.) perimeter cable. It was assumed 
that the rock struck the center of the net panel, although in 
actual testing the rocks hit all areas of the nets. This idealized 
analysis indicated that under the assumed conditions, the load 
per 100 percent loaded net strand is 2,024 kg (4,463 lb). The 
load in the top and bottom perimeter wire rope, where the 
load-dissipating friction brakes are located, was 11,984 kg 
(26 ,421 1 b) in the outer third of the wire rope, 5, 180 kg ( 11,425 
lb) in the middle third of the wire rope, and 5 ,365 kg ( 11,829 
lb) in the upslope anchor cable. 

The values obtained in this analysis are based on broad 
assumptions. For detailed net design, empirical field test data 
should be used. 

PERFORMANCE OF ROCKFALL NETS 

The specified design load was 200 kJ (70 ft-tons) of impact 
energy. This value was intentionally exceeded to evaluate the 
maximum capacity of the nets. Throughout the tests, the nets 
were examined periodically. Typically, the nets were inspected 
when damage was observed. Net performance was recorded 
while necessary repairs or adjustments, or both, were made 
before the next rock-rolling sequence. Particular attention 
was given to maintenance of the nets. 

Brugg Testing 

Brugg's rockfall nets caught and contained rockfall impacts 
2.5 times greater than the design load within acceptable levels 
of maintenance. Impacts 2 to 3.5 times greater than the design 
load were stopped, but maintenance was considerable. For 
impacts exceeding 3.5 times the design load, rock energy was 
attenuated but the rock passed through the net. Significant 
reductions in maintenance were achieved when 2.5-mm mild 
steel net-panel fasteners were used, when support cables were 
not fixed to the posts, and when chain-link mesh was used to 
cover the impact side of the net. Brugg's energy-absorbing 
friction brakes rarely activated, and weaker components in 
the energy path were consequently loaded to failure. 

EI Testing 

El's rockfall nets caught and contained rockfall impacts 1.5 
times above design load with acceptable levels of mainte
nance. One rock impact that was 2 times the design load was 
not stopped by the net. Significant reductions in maintenance 
could be achieved by increasing post strength to the equivalent 
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of the posts used in the Brugg tests, and also by increasing 
net-panel connector strengths. El's energy-absorbing friction 
brakes activated easily, even when rocks struck the net at less 
than the design load. As a result, nel panels sagged consid
erably after only two rock impacts. 

MAINTENANCE OF ROCKFALL NET SYSTEMS 

Considerable interest has been expressed by maintenance per
sonnel throughout California concerning the amount of repair 
and methods for cleaning rock-restraining nets. Because 
maintenance is an important consideration in the use of the 
nets, a significant effort was made during these tests to eval
uate rock net maintenance. 

Input was solicited from maintenance personnel during all 
phases of this study. It was concluded that rock nets could be 
maintained within acceptable limits using standard mainte
nance equipment and procedures. In most cases, repairs and 
cleaning were completed in 1 to 4 hr. It was determined during 
the study that rockfall accumulations behind a single panel 
could be removed easily and quickly while still providing max
imum protection to workers and the traveling public. Access 
for clearing boulders and rockfall debris from the rock nets 
was gained by disconnecting the net panel along the top or 
bottom, and then raising or lowering the net panel. 

In summary, cleaning and repair of a rock net restraining 
system can be accomplished by a typical maintenance crew 
using readily available tools such as ratchet wrenches and 
sockets, torque wrenches, come-alongs, pry bars, and, where 
possible, front-end loaders. 

CONCLUSIONS 

• Design load rockfalls were effectively stopped by both 
rock nets. 

• Repair and cleaning are required and can be done quickly 
and safely with equipment that is readily available at all main
tenance stations. 

• Brugg net panels deflected downslope by as much as 2 
m (6 ft) under the design load. 

• El's net panels deflected downslope by as much as 3 m 
(12 ft) under the design load. 

• El's net system requires more space than the Brugg sys
tem to accommodate downslope anchors and downslope 
deflection. 

• Chain-link mesh is an integral part of the net design. The 
mesh prevents small rock fragments from passing through the 
net and reduces net damage. 

• Brugg's friction brakes rarely activated. As a result, the 
energy that should have been dissipated by the brakes was 
transferred to other net components. 

• El's friction brakes were effective in dissipating energy, 
but activated so easily that the nets sagged considerably even 
after a single design load impact. 

• El's net posts were damaged by direct impacts below 
design load, requiring replacement or repair. 

• Both foundation anchor designs provided adequate sup
port to the net system. 
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• Proper selection of a rock net requires a detailed site 
investigation to determine rockfall trajectories and impact 
energies. 

RECOMMENDATIONS 

The following recommendations are intended to serve as a 
guide to reduce maintenance on rock nets designed to contain 
200 kJ (70 ft-tons) of energy: 

• Proper selection and design of rockfall mitigation meas
ures should be based on a detailed site investigation. This 
includes, but is not limited to, determining slope geometry, 
rockfall size and frequency, and an analysis of rockfall tra
jectories and impact energies. 

• The Brugg 2.5-mm mild steel net fasteners are recom
mended for use with their system. 

• Attaching chain-link fencing to the net panels is recom
mended. 

• All attachments of the Brugg net panels should be made 
exclusively to the perimeter wire rope and adjacent panels, 
rather than to the posts. 

• When lacing is used to attach Brugg net panels, 8-mm 
(5/16-in.) wire rope lacing should be used to prevent net-panel 
failure. 

• Brugg 18-m (%-in.) friction brake tensile strength should 
be reduced to balance the impact load distribution, which will 
reduce the need for repairs. 
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• EI 16-mm (5/s-in.) friction brake tensile strength should 
be increased to better balance the impact load distribution 
and reduce excessive net sag after impact. 

• EI support post strength should be increased to that 
of a W8 x 48 steel post to eliminate the need for post 
replacement. 
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Landslide Correction Costs on 
U.S. State Highway Systems 

JOHN WALKINSHAW 

The results of a survey made to estimate the cost of landslide 
damage to the U.S. state highway system in the 5-year period 
from 1986 to 19~0 arepr.esented. The annual contract repair costs 
are compared with a s1m1lar survey prepared in 1976. Maintenance 
costs for landslide cleanup or repairs were also obtained from 
about half of the states. The average yearly cost of all contracts 
awarded by state hig~w~y departments during the 5-year period 
~mo~n.ted to $6.8.5 million. Another $37.4 million per year was 
1dentJf1ed as mamtenance costs . There is significant evidence that 
these costs are only a fraction of the total annual costs of landslides 
to the state highway network. 

This study was prompted by members of a Transportation 
Research Board Task Force updating Special Report 176, 
Landslides: Analysis and Control (1). In 1976, Chassie and 
Goughnour (2), of the Federal Highway Administration 
(FHWA), reported that $50 million was spent annually to 
correct landslides on the Federal-aid system. At that time, 
the Interstate highway system was in full construction and 
several regions were experiencing large costs because of the 
lack of adequate preliminary geotechnical investigation and 
analysis. Some of these problems developed during construc
tion, but others took many years to manifest themselves . The 
improper placement of degradable shales in large embank
ments (3,4) was one of these problems. Research to properly 
identify this material and to develop test procedures and 
implement them in several states cost around $1 million. 

Since the FHWA survey was limited to Federal-aid routes 
under state control, Chassie and Goughnour further projected 
the average annual cost to be around $100 million for all state 
highway systems. That survey prompted reviews of the level 
of geotechnical engineering practiced in each state highway 
department. Those reviews continue to be updated periodi
cally (5) and the results give direction to FHWA 's geotech
nical research program and the development of training courses 
through the National Highway Institute . 

Once the Interstate Highway System was essentially com
plete, it was of interest to determine the magnitude of land
slide correction across the country. To accomplish this, a one
page survey (see Figure 1) was sent to each state and to three 
Federal Lands Highway Divisions (FLHD) of FHWA asking 
for representative costs of landslide corrections during the 
past 5 years. The FLHD offices administer projects on federal 
lands such as national parks and forests within each state. 

The 5-yr period was short and in certain parts of the country 
may not be representative of the long-term (20 to 30 years) 
problem. It was deemed important, however, to get a response 

Federal Highway Administration, 211 Main Street, Suite 1100, San 
Francisco, Calif. 94105 . 

from as many states as possible, as a lengthy survey that 
required an in-depth review of past records would have severely 
reduced the returns. This philosophy appears to have been 
successful; only two states did not respond and, significantly, 
only four states indicated that they had no identifiable land
slide costs for the period . 

Even though the response was excellent, it must be rec
ognized that the survey was directed principally at obtaining 
costs on highways under state control. According to FHWA 
(6), this represents 803,400 mi (1,292,900 km) or only 20.7 
percent of the 3,876,500 mi (6 ,238,400 km) of roadways under 
public agency jurisdiction in the United States. 

SURVEY RESULTS 

A summary of the responses to the survey is presented in 
Table 1. This survey attempted to get representative costs for 
two types of repairs: 

1. Those repairs sufficiently large to require each agency 
to contract the work, and 

2. The landslide repair costs performed by maintenance. 

For the second category , only 23 of the 50 states were able 
to provide some data. Although these data are not as com
plete, they are very revealing and will be discussed later. 

Contract Costs 

The average annual contract value of landslide repair is shown 
in Column 1 of Table 1 and graphically shown on a map of 
the United States in Figure 2. Column 2 of Table 1 identifies 
the total number of contracts over the 5-year period . Thirteen 
of the 51 respondents (25 percent) had less than one contract 
project per year. 

Seven states and two FLHDs reported some unusual natural 
disaster (storms, earthquake, etc.), which may have skewed 
their average as reported in Columns 4A and 4B. California's 
Loma Prieta earthquake in October 1989 was one of these 
events. On the other hand, the California Department of 
Transportation (Caltrans) believed that the 5-year period cho
sen was not representative of the annual costs because of an 
unusual series of dry winters . Consequently, the value shown 
is considered to be on the low end of the expenditures for 
landslide corrections in California. Having lived in California 
since 1975, the author can confirm this observation from per
sonal experience. Major-storm disaster declarations have 
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TRB TASK FORCE A2T61. Landslides: Analysis and Control 
(Revision of Special Report 176). 

Using the following basic definition of a landslide. "A 
landslide is the movement of a mass of rock, earth or debris down 
a slope 11 • 

Please answer the following questions and return the form no 
later than March 29, 1991, to the address below. Please write in 
your State name here·--------------~ 

1. over the past five years, what is the average annual cost of 
highway contracts let to correct landslides? 

2. How many contracts does this represent? _______ (5yrs) 

3.a. Are landslides a significant cost on grading projects? 
NO Yes. _ ___ _ 

b. In your opinion, if the costs of landslide mitigation on 
grading projects were added to 1 above, the annual costs would 
stay the same __ Double __ Triple __ Quadruple or more __ 

4.a. Over the past five years, has any disastrous event 
occurred to skew the above answers? No__ Yes __ 

b.If yes, please give the high $ __ and low $ __ annual costs 
and explain the event below. 

5.a. In order to maintain a safe roadway surface, are landslide 
related activities by maintenance an identifiable cost in your 
state? No__ Yes __ 

b. If not, in your opinion do you feel it would be an 
appreciable cost? No __ Yes __ 

c. If yes to 5.a. please report the average annual 
maintenance cost for your department $_ and give an estimate of 
what percentage of the highway maintenance cost this represents 
_%. 

Additional comments: 

Optional: Your name _____________________ _ 
would you like to receive a copy of the national tabulation? 
No __ Yes __ (include business card) 

FIGURE 1 Survey questionnaire: landslide mitigation costs on state 
highway systems. 

occurred in 1978 (Los Angeles), 1980 (Los Angeles-San Diego), 
and 1982-1983 (San Francisco to Reno, Nevada), none of 
which are covered in the survey period of 1986 to 1990. 
In the 1978 and 1980 events, the total damage to property 
(not just highways) by landslides was reported to be 
$120 million (7) . In the 1983 event, the closure of U.S. High
way 50 by landslides both east and west of South Lake Tahoe 
caused major economic loss to this resort area. The cost of 
repairs to the highway was $2.2 million at the California site 
and $1.4 million at the Nevada site. The estimated economic 
loss due to 2 Y2 months of access disruption was $70 million 
(8, p.2). This is just one illustration that repair costs greatly 
underestimate the public's total cost due to landslides on high
ways or any transportation system. 

As expected, the states with the large costs are those that 
include the principal mountain ranges. In addition, more is 
spent in those states with large populations or high densities 
along the East and West coasts. The total annual cost of 
contract landslide repairs on state highways is $68.5 million 
(see Table 2, Column 7), which averages out to be $472,000 
per contract. On federal lands, the average repair cost 
is $881,900 per project. The high cost of this last group is 
most likely due to the remoteness of the sites in the federal 
land and parks, severe environmental constraints, and the 

need to keep access open to large numbers of visitors during 
construction. 

It is also interesting to compare the costs by FHWA Region, 
as presented in the previous survey and summarized in Table 
2. In Column 2, the 1976 costs are reported. If one inflates 
the 1976 costs by the national Construction Cost Index (9) 
for common excavation from 1976 to 1990 ($1.03/yd3 to 
$2.38/yd3; the factor is 2.31), the differences in expenditures 
by region between the two surveys from 1976 to 1990 can be 
evaluated by comparing Columns 3 and 4. 

In the Northeast (FHWA Regions 1 and 3), the expendi
tures (in constant dollars) have remained essentially the same 
between the two periods. In the Southeast (Region 4) the 
annual costs have been reduced by 50 percent, but this region 
still has the highest average cost per state project in the nation 
($824,000). 

The Central portion of the United States (Regions 5, 6, 
and 7) shows the greatest reduction (75 percent) in landslide 
costs between 1976 and 1990, and also the lowest average 
repair costs ($215,400). Considering that the topography in 
the central United States is more level, this should be expected. 

In the West, the trends are mixed, with an overall reduction 
of 35 percent. The Rocky Mountain region shows a dramatic 
reduction of 65 percent, and the Northwest (Region 10), an 
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TABLE 1 SUMMARY OF RESPONSES TO SURVEY QUESTIONNAIRE 

QUESTION 1 2 3~ 39 4~ 

AVE/YR 
STATE S1000's NO YES SAME 2X ax 4> NO YES 

MAINE 300 10 
NEW HAMPSHIR 500 10 x x x 
VEA MONT 200 5 x x x 
MASSACHUSETT 1000 25 x x x 
RHODE ISLAND 0 x x x 
CONNECTICUT 100 3 x x x 
NEW YORK 6000 7 x x x 
DELAWARE 0 0 x x x 
PENNSYLVANIA 10000 105 x x x 
NEW JERSEY 0 x x x 
WEST VIRGINIA 1288 33 x x x 
MARYLAND 200 4 x x x 
VIRGINIA NA 
KENTUCKY 2009 10 x x x x 
TENNESSEE 1000 15 x x x 
NORTH CAROLIN 3000 5 x x x 
SOUTH CAROLIN 320 3 x x x 
GEORGIA 100 10 x x x 
ALABAMA 1758 7 x x x 
MISSISSIPPI 5000 30 x x x 
FLORIDA 0 x x 
MINNESOTA 500 3 x x x 
WISCONSIN 400 4 x x x 
MICHIGAN 50 2 x x x 
ILLINOIS 1436 26 x x x 
INDIANA 300 12 x x x 
OHIO NA 
NEBRASKA 100 6 x x x 
IOWA 87 7 x x 
KANSAS 600 25 x x x 
MISSOURI 231 15 x x x 
OKLAHOMA 489 5 x x x 
ARKANSAS 600 20 x x x 
NEW MEXICO 1250 5 x x x 
TEXAS 1164 22 x x x 
LOUISIANA 419 25 x x x 
MONTANA 1000 10 x x x 
NORTH DAKOTA 11 1 x x 
SOUTH DAKOTA 540 6 x x 
WYOMING 1125 17 x x x 
COLORADO 300 3 x x x 
UTAH 1777 7 x x ~(G 
ALASKA BOO 7 x x x 
WASHINGTON 5846 24 x x x 
OREGON 3150 35 x x x 
IDAHO 500 B x x x x x 
CALIFORNIA 7333 115 x X(I) x x 
NEVADA 432 7 x x 
ARIZONA 500 6 x x x 
HAWAII 2000 5 x x x 
WFLHD (J) 1000 5 x x x 
CFLHD (K) 995 6 x x x 
EFLHD (Ll 827 5 x x x 
TOTALS 68537 726 38 12 27 16 5 2 40 9 

(A) Annual costs broken down to $3 million for rock and $3 million tor soil 
(B) Large number ol sites need permanent fixing at $300K to $2000K each. 

Maintenance cleans 50 to 150 sites/year but no identifiable costs. 
(CJ Single storm event averaged over live years 
(DJ Single storm event of $762K 
(E) Two-year data 
(F) Nine of 24 districts responded with partial data typically covering 

one- to three-year data. 
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appreciable 35 percent reduction . Only Region 9 shows an 
increase, probably because the previous survey was limited 
to Federal-aid participation. Consequently, it did not include 
the large number of projects or contracts performed by these 
four states that were considered maintenance by FHW A and 
were not eligible for federal funds. 

Further analysis of the differences by region between the 
two surveys is beyond the scope of this paper. Overall, the 

5~ SE SC 5C RESPONDENTS TO 
QUESTIONNAIRE 

LOIA NO YE NO YEi $1000'8 % AND COMMENTS 

x 500 1.00 NH: F. E. PRIOR 
x x VT: C. C. BENDA 

x 2000 2.00 MA: N. M. HOURANI 
x x RI: J. A. DIFILIPPO 
x x CT: S. M. ZYSKOWSKI 

1000 x 426 0.20 NY: E. A. FERNAN (A) 
x x 
x x PA: C. T. JANIK (B) 
x x 

x 2241 1.50 WV: G. L. ROBSON 
25 x 25 0.02 MD: A. D. MARTIN (C) 

x 2770 3.00 KY: E. H. ADAMS 
x (D) 762 2.00 TN: W. D. TROLINGER (D) 

500 x 1500 5.00 NC: P. A. KEANE 
x x SC: F. MCRANEY 

200 x 600 0.50 GA: B. A. MCWHORTER 
x x AL: S. ARMSTRONG 
x x 1000 MS: J. D. WEBB 
x FL: J. CALIENDO 
x x MN: A. A. ADOLFSON 
x x WI: C. A. LAUGHTER 
x x Ml: D. D. DOLPH 

x 150 0.05 IL: J. S. DHAMZAIT 
x 200 6.00 IN: W. D. DAVIS (E) 

x 100 0.20 NE: K. CHENEY 
x x 
x x KS: J. J. BRENNAN 

x 458 0.22 
x x 106 OK: J. B. NEVELS JR. 
x x AR: J. E. CLEMENTS 

x 400 0.60 NM: E. RECTOR 
x x (F) 2375 TX: H. ALBERS (F) 
x x LA: J. B. ESNARD JR. 
x x MT: T. L. YARGER 
x x ND: R. HORNER 
x x SD: W. C. SULZLE 

45 x 290 1.00 WY: G. W. RIEDL 
x x 3500 3.30 CO: R. K. BARRETT 

x (H) 414 1.00 UT: E. G. KEANE (G)(H) 
x x 300 0.60 AK: M. WEAVER 

x x WA: S. M. LOWELL 
x x 378 1.90 OR: G. MACHAN 

50 x x ID: T. BUU 
400( x x 15292 4.20 CA: R. H. PRYSOCK (I) 

x x NV: J. M. SALAZAR 
x x 150 1.00 AZ:S.B.KAY 

x x 1500 12.00 HI: D. D. SANTO 
x x WFLHD: A. PETERS (J) 

CFLHD: S. HOLDER (K) 
x EFLHD: J. J. AMENTA (L) 

28 23 16 13 37437 

(GJ Major storms occurred in 1982-83 causing widespread damage in the 
West. In Utah, the Thistle slide alone cost the DOT $31,5000,000. This 
repair is not included in column 1. 

(HJ Excellent district-by-district maintenance costs. 
(IJ Some coastal districts reported major costs for remedial measures 

during construction. 
(J) Western Federal Lands Highway Division 
(K) Central Federal Lands Highway Division 
(L) Eastern Federal Lands Highway Division 

direct cost of unanticipated landslide repairs appears to have 
reduced by 40 percent, which is substantial. 

Liability Costs 

In the United States, another significant and often delayed 
hidden cost is that of litigation. Sometimes enormous settle-
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FIGURE 2 Average annual costs (in thousands of dollars) of contracted landslide 
repairs on state highway systems (1986-1990). 

TABLE 2 COST COMPARISON OF CONTRACTED LANDSLIDE REPAIRS BY FHWA REGION 

FHWA Region 1976 Annual 1976 Costs 1990 Annual 5-'iear Number of Average Cost 
(States) Costs Inf late to Costs cost Projects Per Project 

Reported 1990 By Reported 1986-1990 1986-1990 U.S. $ 
Factor 2.31 

Costs in columns 2' 3' 4, 5 are in million $ 

1 2 3 5 6 7 

1. ME, NH, VT, 3.0 6.930 0.100 40.500 60 675,000 
MA,RI, CT, NY 

3.DE,PA,NJ, 6.0 13. 860 11. 488 57.440 142 404,500 
WV,MD,VA 

4.K'i,TN,NC,SC 12.0 27.720 13 .187 65.935 BO 824,200 
GA,AL,MS,FL 

Subtotal(l,3,4) 21-0 48.510 32. 775 163.875 282 581,100 

5.MN,WI,MI 
IL,IN,OH 4.0 9.240 2.686 13.430 47 285,700 

6.0K,AR,NM,TX,LA 7 . 0 16.170 3.922 19.610 77 254,700 
7 . NE,IA,KS,MO 1. 0 2.310 1.018 5.090 53 96,000 
Subtotal (5,6,7) 12 . 0 27. 720 7.626 38 .130 177 215,400 

8.MT,ND,SO,W'i, 
CO,UT 6.0 13.860 4.753 23.765 44 540,100 

9.CA,NV,AZ,HI 3.5 8.085 10.265 51. 325 133 385, 9 00 
10.AK,WA,OR,ID 7.0 16.170 1 0 . 296 51.480 74 695,700 
Subtotal(B,9,10) 16.5 38 .115 25. 314 126.570 2 51 504, 3 00 

FLHD NA NA 2.822 14 . 110 16 881,900 

Totals 49.5 114 . 3 4 5 68 . 53 7 34 2 . 68 5 7 26 47 2 , 00 0 
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ment costs are associated with these suits. For example, plain
tiffs in Malibu (near Los Angeles) won settlements of 
$45 million for damages as the result of slides and rockfall on 
slopes that otherwise had minimal problems for more than 30 
years. Caltrans is by no means the only highway agency that 
has experienced a severe blow to its budget from litigation. 
The New York Thruway Authority , a totally separate agency 
from the New York Department of Transportation (NYDOT), 
will spend $35 to $41 million in the next few years to stabilize 
some 35 rock cuts. This concentrated flurry of activity is the 

consequence of a lawsuit filed following a fatal accident involving 
fallen rock . This also is not reflected in the value of $6 million 
per year reported by the NYDOT respondent. 

Preventive Mitigation Costs 

The survey concentrated on obtaining costs for the correction 
of active or unanticipated landslides that had caused damage 
to the state highway network. It does not begin to reflect the 
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mitigation costs expended on new projects to maintain an 
acceptable safety factor against failure of problem sites iden
tified during the design phase. These costs can range from 
the multi-million-dollar stabilization measures needed to cross 
an existing landslide area to the "extra" thousands of dollars 
spent on the use of retaining walls to keep an existing cut 
slope or embankment within the right-of-way available to the 
designers. 

If each of these costs could be rationally identified, the real 
cost to society for mitigation and correction of slope stability 
problems could be more accurately presented. 

Maintenance Costs 

About half the respondents reported that they could not iden
tify landslide repair as a specific activity of the state's main
tenance program. On the survey form, the author chose the 
definition of the term "landslide" approved by the Interna
tional Association of Engineering Geology (IAEG) Com
mission on Landslides and Other Mass Movements on Slopes: 
"A landslide is the movement of a mass of rock, earth or 
debris down a slope" (10). 

The term "mass" may have been misinterpreted by many 
as implying a large quantity of material. Technically, it means 
any volume of material, such as a single rock, which requires 
removal from the roadway prism by maintenance personnel. 
In most agencies, rock or slide debris removal is not an 
identifiable activity; thus, it is not indicated as a separate 
cost item. 

Another very common maintenance activity that is difficult 
to identify by purpose is pavement patching. This work is 
performed to correct many different roadway deficiencies, 
such as potholes or settlement due to poor compaction, but 
also to restore grade over slow-moving slides. There are thou
sands of sites like these on the highway system that rarely get 
proper geotechnical evaluation and are not included in cost 
estimates. 

These previous observations are not by themselves sur
prising. What is surprising is the reported total maintenance 
costs of $37,437 ,000 spent annually for landslide correction 
by the 23 states providing data. Seven of these (Massachusetts, 
West Virginia, Kentucky, Missouri, Texas, Colorado, and 
California) spend as much as 10 times more than the contract 
amounts (Table 1, Column SC). California distinguishes itself 
by reporting the highest annual costs for landslide mainte
nance of over $15 million, even during 5 years of low rainfall. 
However, this expenditure represents only 4.2 percent of Cal
ifornia's total maintenance budget. Only two states, Hawaii 
and North Carolina, reported higher overall percentages of 
their total maintenance costs for landslide maintenance. How
ever, in other states, several counties or districts may consume 
up to 30 percent of their individual budgets for landslide cleanup, 
and proper repairs are rarely made. 

For most states with records, landslide maintenance rep
resents 1 to 2 percent of the overall cost of operating existing 
highways. Nationally, 1 percent of state maintenance expen
ditures totals $76,290,000 per year (6). If one looks at the 
total public highway system, 1 percent of the maintenance 
costs adds up to $196,790,000. With such large sums being 
spent for maintenance on the national highway system, it is 
no wonder that more than half of the respondents could not 
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identify an item constituting such a small percentage. How
ever, of this half, many expressed the opinion that the costs 
would be quite significant. A common complaint was that 
maintenance personnel waited too long before requesting help 
from the geotechnical staff. As a consequence, small problems 
developed into large ones that were costly to fix. 

Three states were able to provide very detailed landslide 
maintenance costs: Utah, California, and Texas. Other states 
have started programs to inventory their landslide problem 
areas in order to set priorities for the expenditure of capital 
funds for corrections. For example, in 1987 the Washington 
Department of Transportation (WSDOT) conducted a state
wide inventory of all identifiable unstable slopes. Those in 
need of repair totaled 180, with an estimated repair cost of 
$190 million. On the basis of research performed since then, 
WSDOT geotechnical engineers can now provide manage
ment with decision-making tools so that they can program 
sites for correction. Without such an effort on the part of the 
geotechnical staff, it is clear that the past expenditures of 
$5.8 million per year would not be representative nor would 
they begin to solve that state's landslide problem. 

CONCLUSIONS 

This survey has identified that the correction of damage to 
the state highway system by landslides costs at least 
$106 million per year. There was much evidence in the responses 
from the highway agencies that this is only a fraction of the 
total cost to the public that relies on the highway system for 
their mobility and livelihood. 

When compared with the 1976 survey, this survey gave 
strong evidence that less money was being spent annually to 
correct unanticipated failures during this period (1986 to 1990). 
This can be attributed to better staffing and technical expertise 
in geotechnical engineering by a number of state departments 
of transportation. 

Those that have received proper support by management 
show the most cost-effective results. Certainly another reason 
is the fact that the major construction phase on new alignment 
of the Interstate highway system is coming to an end. On the 
other hand, it is quite clear that most states do not have any 
inventories of their landslide problems, and consequently can
not report adequately on their landslide repair-cost needs. 
One state that did respond reported its needs as 30 times its 
current annual expenditure. If this ratio held true nationally, 
the states' needs would be over $2 billion. 

In the meantime, maintenance personnel are still faced with 
large expenditures to clear or patch the roadways damaged 
by landslide activity. From partial records, some $37 million 
annually was identified for landslide maintenance. This also 
must represent only a fraction of the real costs. This survey 
confirmed that landslide costs are much larger than most high
way engineers believe and that better inventories of this prob
lem are needed. 

ACKNOWLEDGMENTS 

This paper would not have been possible without the support 
and encouragement of TRB task force members; the author's 
supervisor, John Bates; and assistance with preparing figures 



Walkinshaw 

and tables by Haydee Rodrigues, Cheryl Montero, Frances 
Lau, and Bob Arnold-the author's thanks to all. 

REFERENCES 

1. R. L. Schuster, and R. J. Krizek, ed. Special Report 176: Land
slides: Analysis and Control, TRB, National Research Council, 
Washington, D.C., 1978. 

2. R. G. Chassie and R. D. Goughnour. 1976 National Highway 
Landslide Experience. Highway Focus, Vol. 8, No. 1, pp. 1-9. 

3. J. H. Shamburger, D. M. Patrick, and R. J. Lutten. Design and 
Construction of Compacted Shale Embankments, Vol. 1: Survey 
of Problem Areas and Current Practices. Report FHWA-RD-75-
61. FHWA, U.S. Department of Transportation, Aug. 1975. 

4. G. H. Bragg, Jr., and T. W. Zeigler. Design and Construction 
of Compacted Shale Embankments, Vol. 2: Evaluation and Reme
dial Treatment of Shale Embankments. Report FHWA-RD-75-
62. FHWA, U.S. Department of Transportation, Aug. 1975. 

41 

5. Foundation Engineering Management Reviews-Final Report. 
FHWA, U.S. Department of Transportation, July 1983. 

6. Highway Statistics 1989. Report PL-91-001. FHWA, U.S. 
Department of Transportation, 1990. 

7. R. B. Olshanky and J. D. Rogers. Unstable Ground: Landslide 
Policy in the United States. Ecology Law Quarterly, Vol. 13, 
No. 4, 1987, p. 939. 

8. Highway 50 Reopens and Tahoe Rejoices, San Francisco Chron
icle, June 24, 1983, p. 2. 

9. Price Trends for Federal-Aid Highway Construction Fourth Quarter 
1990. Report FHWA-PD-91-009. FHWA, U.S. Department of 
Transportation, 1991. 

10. D. M. Cruden. A Simple Definition of a Landslide. International 
Association of Engineering Geology Bulletin 43, Paris, 1991. 

Publication of this paper sponsored by Study Committee on Land
slides: Analysis and Control. 



42 TRANSPORTATION RESEARCH RECORD 1343 

Slope Failure Risk Mapping for Highways: 
Methodology and Case History 

RoY E. HuNT 

Roadway construction along steep slopes in mountainous terrain 
requires numerous sidehill cuts and fills. Design provisions for 
stability against slope failures require the engineer to make many 
difficult judgments. The competency of these judgments depends 
on the adequacy of geotechnical investigations to define slope 
conditions and the interpretation of the data available. The 
observational method provides an approach for evaluating the 
stability of slopes along transportation corridors. Slope failure 
risk maps are prepared to present the degree of risk or consequences 
of slope failures along an entire roadway alignment. The degree 
of risk is established by evaluation of the degree of the hazard 
or the potential for slope failures along the roadway. It is formulated 
from judgments made regarding the form (rotational slides, debris 
avalanches, etc.) and the magnitude of the potential slope failure 
to be expected. These judgments are based on assessments of 
geologic and surface conditions, slope geometry and activity, and 
weather conditions. Slope treatments for areas designated as having 
failure risk are determined and presented on slope stabilization 
maps. Governments with adequate financial resources may choose 
to provide stabilization treatments for all levels of risk. 
Alternatively, governments with limited resources can establish 
priorities regarding necessary treatments, beginning with areas 
of higher risk levels. A case history is presented in which the 
methodology was applied for a section of mountain roadway in 
Brazil. 

Roadway construction along steep slopes in mountainous ter
rain involves numerous sidehill cuts and fills requiring many 
difficult judgments during design. Two options may be avail
able, depending upon the client's desires and the amount of 
subsurface information available: 

1. Provide complete stability of all cuts and fills. This 
approach may be prohibitively costly, and it may be inade
quate if conditions are misjudged. 

2. Accept some failure risk and minimize initial construc
tion costs. Select cut inclinations with the anticipation that 
some failures may occur and that roadway cleanup and main
tenance will be required in the future. Design retaining struc
tures or other stabilization methods only for areas with the 
potential for failures of serious consequences. 

Option 2 is often selected by governments in developing 
countries with limited financial resources. The objective is 
that, at worst, failures will be a nuisance requiring periodic 
cleanup of small portions of the roadway. Large failures resulting 
in a mass of earth completely covering a stretch of roadway 
or even the complete loss of the roadway because of failure 
of a sidehill fill are to be prevented. Even if the roadway is 
not completely closed, rockfalls and small slides can pose a 

Woodward-Clyde Consultants, 5120 Butler Pike, Plymouth Meeting, 
Penn. 19462. 

substantial danger to the public, especially when a roadway 
is used heavily. At the least, public annoyance will increase 
as the inconvenience of slope failures continues. 

For either option, success depends on the adequacy of the 
assessment of slope conditions. Even extensive geotechnical 
investigations with test borings and geophysical surveys may 
not sufficiently define slope conditions, and in many cases 
explorations are minimal because of the costs and difficulties 
caused by terrain. Evaluations based on mathematical anal
yses may not provide an adequate assessment of stability. The 
analytical models may not accurately depict slope conditions 
at failure, and forms such as progressive slides, debris ava
lanches, and flows are not suitable for mathematical analyses. 

The observational method of assessment can efficiently obtain 
significant information on slope conditions. The methodology 
requires substantial experience in applying the principles of 
geology, engineering geology, and geotechnical engineering 
to slope problems both for existing roadways suffering failures 
and for the design of new roadways. 

RISK MAPPING: BASIS FOR SLOPE 
ST ABILITY ASSESSMENT 

Slope failure risk mapping provides the basis for predicting 
where failures are likely to occur and for the formulation of 
plans for preventive and corrective treatments along an entire 
roadway alignment. Risk mapping covers a wide corridor 
extending for some distance upslope and downslope. The 
methodology proceeds through several phases as follows. 

Phase 1 

An engineering geology map is prepared as the basis for 
assessing slope conditions. For new roadways, information 
mapped includes geologic formations, slope failure scars, ero
sional features, and drainage pathways. For existing road
ways, conditions of cuts, fills, and roadway pavement are also 
mapped. When slope inclinations and vegetation are plotted, 
the map is used for runoff evaluations and drainage analyses 
for culvert designs. 

The map is prepared using data obtained from landform 
analyses, detailed field reconnaissance, and the review of 
available reports, boring logs, geophysical records, and so 
forth. For a new roadway, a preliminary map is prepared 
and used for planning an efficient exploration program. A 
final engineering geology map is prepared using the data 
obtained from test borings, geophysical surveys, and other 
explorations. 
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Phase 2 

A slope failure risk map is developed for the entire alignment. 
It depicts where slope failures have occurred or are probable, 
and includes a rating for each occurrence as to the degree of 
risk or consequences of failure along the roadway. Ratings 
may range through a number of levels, from no risk to very 
high risk. Risk levels are based on the hazard degree, which 
is formulated from evaluations of the potential failure form 
expected (fall, slump or planar slide, debris avalanche, or 
flow) and the failure magnitude. Potential failure forms are 
determined from assessments of geologic and surface condi
tions, slope geometry and activity, and weather history. 

Phase 3 

A stabilization map is prepared giving recommended slope 
treatments for areas designated as failure risks. Areas requir
ing detailed exploration and additional study are identified. 
The agency responsible for the roadway can then establish 
priorities for necessary treatments, beginning with areas of 
higher risk levels. 

CASE STUDY: HIGHWAY BR 116, BRAZIL 

Highway BR 116 connects the cities of Rio de Janeiro and 
Teresopolis in Brazil. In a distance of 15 km, the roadway 
climbs from the coastal plain at an elevation of about 100 m 
above sea level over steep slopes to an elevation of over 1000 
m at the crest of the coastal escarpment. Since its construction 
in the 1950s, this stretch of roadway had suffered numerous 
slope failures, often resulting in closure to traffic. The failures 
usually occurred during the periodic heavy rainfalls common 
to the coastal mountains of Brazil. 

During December 1978, Technosolo SA was engaged by 
the Departamento Nacional de Estradas and Rodagems 
(DNER) to perform a geotechnical overview of conditions 
along the 15 km where the roadway climbs the coastal escarp
ment. The study was performed under subcontract to Tech
nosolo in order to 

1. Determine the causes of instability of natural slopes, 
cuts, and fills; 

2. Identify areas in which failures probably would occur in 
the future; 

3. Recommend various treatments to improve or provide 
for stabilization; and 

4. Establish priorities for stabilization based on the degree 
of the hazard and risk, thereby enabling the budgeting of 
treatments over time. 

Physical Conditions Along BR 116 

Investigation Methodology 

A preliminary engineering geology map was prepared to pro
vide the basis for field reconnaissance. Available data included 
national topographic maps at a scale of 1: 50,000 and stereo-
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pairs of aerial photographs at a scale of 1: 20,000, which were 
dated 1973. Enlarged to a scale of 1: 10,000, the photographs 
provided base maps of the roadway on which cuts, fills, and 
retaining structures (as of 1973) were illustrated. Slide, ava
lanche, and erosion scars; drainage paths; and geologic data 
(including surface exposures of rock and soil types classified 
by origin) were plotted on the base maps during stereoscopic 
interpretation of the photographs. An aerial photograph 
of a portion of the higher roadway elevations is shown in 
Figure 1. 

Field visits were made, and the significant features delin
eated on the preliminary map were examined, as were other 
pertinent conditions. Noted were new slide and erosion scars; 
geologic conditions exposed in cuts and slide scars, including 
soil and rock types; slope seepage; the inclinations of appar
ently stable slopes; and signs of movement, including tension 
cracks and tilted trees. The pavement was examined both for 
signs of heave along the toe areas of cut slopes and for cracks 
and other signs of settlement along sidehill fills. Both cases 
indicated probable slope movements. Final engineering geol
ogy maps were prepared incorporating the field observations. 
An example for part of the roadway is shown in Figure 2. 

Physiography 

The study began at roadway Km 104, situated in the lowlands 
at an elevation of approximately 100 m. After traversing hilly 

FIGURE 1 Aerial photograph, Km 91-95, BR 116 (scale: 
1 cm= 200 m). 
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FIGURE 2 Final engineering geology map: existing conditions, cuts, fills, and geology, 
BR 116, January 1979. 

terrain with gentle curves and shallow cuts for about 7 km, 
the roadway reaches the base of the escarpment formed by 
the Serra Dos Orgaos Mountains. From here, the land becomes 
steeper and more irregular, requiring the roadway to take a 
winding route along the side slopes of hills that rise to an 
elevation of 900 m or more. The roadway begins to intercept 
the natural drainage from the mountains and crosses a number 
of watercourses. 

As shown in Figure 2, from Km 95, the roadway doubles 
back twice to climb from Elevation 680 to 800 m near the 
base of Escalavarda Peak. It continues on along the slopes of 
the escarpment to the study terminus at the summit, Elevation 
1004 m (Km 89.4), where the roadway branches off to Ter
esopolis. Along this stretch, the side slopes of the escarpment 
often range from 45 to 60 degrees. Numerous cuts have been 
made in soil and rock, and fills were placed. Drainage from 
mountain runoff is intense. 

Geology 

For slope stability evaluations, geologic conditions were char
acterized by three general formations: 

1. Colluvial soils (SC), the residue of slope movements, 
are found on the lower slopes and fill the major valleys, even 
at higher elevations. Consisting of boulders in a matrix of 
fine-grained soils, the colluvium blocks the normal slope seep
age and tends to contain substantial moisture and to be unstable 
in cut. It can overlie residuum or bedrock, and is normally 
found with relatively high piezometric levels in the toe areas 
of the formation. 

2. Residual soils (SR), formed mainly from the decom
position of metamorphic rocks, reach thicknesses of 20 m or 
more. The thicker deposits, usually clay-silt mixtures of stiff 
to very stiff consistency, -are common at the lower elevations 
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along the roadway. The formation normally grades to sap
rolite, and relict joints and other discontinuities remain, rep
resenting planes of weakness. Along the higher elevations, a 
thin cap of residuum commonly overlies a dipping surface of 
fractured rock. Generally, residuum is relatively dry, with the 
predominant groundwater movements and seepage forces 
developing in the underlying fractured rock masses. 

3. Bedrock consists of Precambrian igneous and meta
morphic rocks. The high peaks, such as Escalavarda Peak, 
are composed of very resistant granite (Gr). Where exposed 
in cut, the granite is seen to be very hard, with tight, widely
spaced joints. The metamorphic rocks, primarily gneiss, are 
found with a wide range of conditions varying from highly 
fractured masses of intact blocks of rock to highly decom
posed masses that are soft and can be dug with a geologic 
hammer (R.tt)· 

Recent alluvium, present in stream beds in limited deposits, 
is not significant in the slope stability evaluations. 

Roadway Slopes 

Slope failure forms usually are classified as falls, slides (rota
tional and planar), avalanches, and flows (1,2). This nomen
clature was applied to the slopes along BR 116. 

Planar or translational slides, involving masses of residual 
soils moving along a rock surface dipping downslope, are the 
dominant form of slope failure along the roadway. The com
mon cause is a cut that extends into rock, exposing a face of 
overlying soils (see Figure 3). Failure is sudden, occurring 
during or immediately after heavy rains. Sufficient material 
is usually displaced to either partially or completely close the 
roadway. Additional failure will not occur if the slide reaches 
the crest of the hill, because it is self-corrected. The scar of 
a planar slide is shown in Figure 4. 

Large, deep-seated rotational slides occur infrequently. The 
only case observed was located at Km 101, at the lower road
way elevations, involving thick colluvium overlying rock. 
Movement was shown by substantial pavement heave and 
cracking where the pavement passed over the toe of the failing 
mass. In most of the study area, soil cover is generally too 
thin for the development of deep-seated rotational slides. 
They are common, however, in other areas of the coastal 
mountains of Brazil. 

Conditions before sliding 
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FIGURE 4 Scar of planar slide that partially closed BR 116. 

Debris avalanches can completely or partially close the 
roadway. Occurring during heavy rains, they develop along 
the hillsides at the higher elevations where residual soils are 
not thick and overlie a rock surface dipping downslope. Large 
quantities of runoff move masses of soil and rock fragments 
downslope at high velocities. Figure 5 shows the scar of a 

FIGURE S Scar of debris avalanche that partially closed 
BR 116 near Km 89. 

New tension 
crock 

Failure scarp 

Conditions after sliding 

FIGURE 3 Typical planar slide occurring in residual soil cap over sloping rock 
surface in cuts along BR 116. 
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debris avalanche that occurred along the upper reaches of the 
roadway. 

Erosion can be severe on natural slopes where the vege
tation has been removed or on unprotected cut or fill surfaces. 
When erosion is uncontrolled, gullies form and slopes are 
steepened, decreasing stability. 

Other forms of slope failures along BR 116 that involve 
smaller quantities of materials include small rotational slides 
in shallow colluvium, small wedge failures along relict weak
ness planes in residuum, and falling blocks of loose rock. In 
the rock masses, failure normally occurs along joints dipping 
downslope, and falling single blocks are common. Large fail
ures generally occur only where a group of loose blocks in a 
vertical to near-vertical cut move together. 

Sidehill fill stability is affected by underdrainage, surface 
drainage, and erosion. Apparent problems associated with 
sidehill fills along the roadway are the following: 

1. Excessive seepage forces develop beneath fills with inade
quate underdrainage. Slumping and downslope displacement 
occur, resulting in pavement deflection and concentric cracking. 
In extreme cases, complete failure occurs. Lining of drainage 
ditches along the roadway upslope of fills is generally inadequate 
to prevent runoff infiltration into embankments. 

2. Poor compaction during construction results in consol
idation or displacement of the fill mass and generally con
tributes to instability. However, where fills are constructed 
of relatively impervious materials, such as the local residual 
soils, seepage beneath the embankment is the main cause of 
failure. 

3. Uncontrolled erosion of fills eventually removes soil from 
beneath the pavement, resulting in loss of support and failure 
along the pavement edge. Such conditions exist at several 
locations along the roadway. 

4. Where fills are placed in stream gullies, if culverts are 
of inadequate capacity to provide for runoff or become clogged 
with debris, the fill becomes a dam. Complete roadway failure 
can occur as the fill slumps and fails, or if it is overtopped 
and washed out. 

Rainfall and Runoff 

Rainfall along the roadway and in the surrounding mountains 
is normally heavy and may reach an annual accumulation of 
several meters, most of which falls during the summer months 
of December through March (3). Intense storms are common, 
and in many areas the steep mountain slopes support little to 
no vegetation along the upper reaches (Figure 1). This con
dition permits very high quantities of runoff into the brooks 
that intercept the roadway at numerous locations. 

Qualitative Assessment of Hazard 

Failure Predictions and Slope Treatments 

Slope stabilization along a roadway subjected to failures is 
normally approached by applying corrective treatments to 
stabilize existing active slides. This approach is reasonable for 
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deep-seated rotational slides, such as that at Km 101, where 
movements are relatively slow and occur periodically, sidehill 
fills are suffering gradual displacements, or erosion is occur
ring. For the more common case involving the sliding of a 
cap of residual or colluvial soil over rock, total failure usually 
occurs suddenly, without much warning. Rockfalls and failure 
of fills over culverts during heavy rains also occur with little 
warning. Therefore, to avoid roadway closure in these cases, 
prediction and prevention of occurrence are required rather 
than correction. 

Corrective or preventive treatment selection depends upon 
the degree of the failure hazard and the risk to the public 
should failure occur. "Hazard" refers to the potential slope 
failure form, magnitude, and probability of occurrence. "Risk" 
refers to the consequences of failure on human activities. 

Rating the hazard and the risk provides the basis for estab
lishing priorities for locations where treatment is required and 
for evaluating the type of treatment necessary for stabiliza
tion. The treatment selected depends on the characteristics 
of the hazard, that is, the form of failure that may occur and 
the quantity of material involved. 

Qualitative assessment of slopes provides the basis for pre
dicting the failure potential and its form at any given location 
and for selecting practical treatment methods. 

Quantitative assessment, based on mathematical analyses, 
is not applicable for many forms of slope failures, particularly 
for most conditions existing along BR 116. 

During the planning and design phases for new roadways, 
there are conditions of high hazard and high public risk that 
should be avoided, but normally, slope treatment objectives 
are either to reduce or eliminate the hazard by a change in 
slope geometry, an improvement in surface and subsurface 
drainage, or retention. An alternative, often selected by gov
ernments with limited financial resources, is to provide min
imum treatment and permit failure. Debris is removed period
ically, with the hope that, in time, the slope will reach a stable 
inclination. From the aspect of saving lives during intense 
storms, the risk can be reduced by temporary closure of the 
roadway. 

Rating the Hazard 

The hazard is rated in terms of the potential form. magnitude. 
and occurrence probability, and these factors influence the 
type of treatment feasible . Magnitude refers to the volume 
of material that may fail, the velocity of movement during 
failure, and the land area that may be affected. It depends 
on the failure form as related to geology, topography, and 
weather conditions. For example, the steeper the slope, the 
thinner the soil cover. and the more intense the rainfall, the 
greater the likelihood of a debris avalanche rather than a 
potentially less-destructive, small-volume planar slide. Prob
ability is related to weather and other transient conditions 
such as slope inclinations (steepened by cut, erosion, or tec
tonic activity) and, in some areas, seismic activity. Many bases 
for a hazard rating system are feasible. The following is a 
suggested approach: 

1. No hazard: A slope that is not likely to undergo failure 
under any foreseeable circumstances. 
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2. Low hazard: A slope that may undergo total failure (as 
compared with a partial failure involving relatively small dis
placements) under extremely adverse conditions that have a 
low probability of occurrence (such as a 500-year storm or a 
high-magnitude earthquake in an area of low seismicity) or 
whose potential failure volume and area affected are small, 
although the probability of occurrence is high. Potential low
hazard failure forms along BR 116 include rockfalls of single 
blocks and small rotational or planar slides. 

3. Moderate hazard: A slope that will probably fail under 
severe conditions expected in the future and that involve a 
relatively large volume of material. Movement will be rela
tively slow, and the area affected will include the failure zone 
and a limited zone downslope (moderate displacement), which 
are characteristic of rotational slide forms similar to the case 
at Km 101. 

4. High Hazard: A slope that is almost certain to undergo 
total failure in the near future under normal adverse weather 
and will involve a large to very large volume of material or 
a slope that may fail under severe conditions (moderate prob
ability) but whose potential volume and area affected are very 
large and the movement velocity is very high. Characteristic 
failure forms include planar slides in layered rock masses, 
debris slides and avalanches, and some forms of flows. Debris 
slides and avalanches are characteristic of many of the failures 
along BR 116. 

Raring the Risk 

A general rating of risk levels may include the following: 

1. No risk: Slope failure that will not affect human 
activities . 

2. Low risk: An inconvenience that is easily corrected and 
does not directly endanger lives or property, such as a single 
small block of rock falling onto the roadway that is easily 
avoided and removed. 

3. Moderate risk: A more severe inconvenience that is cor
rected with some effort but usually does not directly endanger 
lives or structures when it occurs, such as a small debris slide 
entering one lane of a roadway causing partial closure for a 
brief period until it is removed. 

4. High risk: Complete loss of a roadway or important 
structure , or complete closure of a roadway for an extended 
time, that does not necessarily endanger lives by failure. 

5. Very high risk: Failure that endangers lives, such as the 
destruction of inhabited structures or the destruction of the 
roadway when time is not available to warn traffic. 

Assessment Factors 

General 

Qualitative assessment of the hazard is made from evaluations 
of geologic conditions, slope geometry, surface conditions, 
slope activity, and rainfall. The entire stretch of roadway 
subjected to slope failures is examined, with the objectives 
of formulating judgments of where failures are to be antici
pated, the nature of the hazard, and the degree of the risk. 
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Stabilization treatments that are selected are based on these 
judgments. 

Geologic Conditions 

Geologic conditions with a high failure incidence along BR 
116 are summarized as follows: 

1. Jointed rock masses in steep cuts can result in falls vary
ing from a single block to many blocks of varying sizes. 

2 . Residual soils on moderate-to-steep slopes may fail pro
gressively where they are relatively thick, usually involving 
small-to-moderate volumes in rotational slide forms. Where 
they overlie a downslope-dipping rock surface at shallow depths, 
large planar slides can occur or, under heavy rainfall, even 
debris avalanches or flows. 

3. Colluvium is generally unstable on any slope in a wet 
climate, and when cut, it can fail in large volumes, usually in 
rotational form with progressive slumps. 

Slope Geometry 

The significant aspects of slope geometry are inclination, form, 
and height. Soil slopes often rest naturally at a safety factor 
near unity. When cuts are made along BR 116 where natural 
inclinations are greater than 30 to 40 degrees, the stability 
decreases substantially, especially where cuts intercept the 
contact between the rock surface and the underlying soils. In 
fractured rock masses where joint conditions are unfavorable, 
steeply inclined cuts are potentially unstable. 

Topographic expression has a strong influence on location 
of slope failures , because landform provides the natural con
trol over rainfall infiltration and seepage where other factors 
are constant. Failures are much more likely to occur in swales 
extending downslope, where runoff and seepage will be rel
atively high, than on promontories, or "nose-forms," where 
runoff is directed away from the area. Along BR 116, the 
highest incidence of failures is along the sides of swales. Where 
the slope is steep and soil cover is thin, the potential for debris 
avalanches is high. 

Slope height above a cut influences the amount of runoff 
intercepted. A long slope reaching substantial heights will 
carry much more runoff than will a cut made a short distance 
from the crest of a hill. In addition, an area containing a large 
number of drainage paths upslope of the roadway has a greater 
susceptibility to failure than does an area with few if any 
drainage paths. 

Swface Conditions 

Slope seepage observations during reconnaissance are eval
uated by considering the weather conditions prevailing during 
the weeks preceding the visit, the season of the year, and the 
regional climatic history . No slope seepage during a rainy 
period may be considered very favorable, assuming that col
luvium or fills are not causing blockage, whereas seepage 
during a dry period signifies that a substantial increase will 
occur during wet periods and failures are likely. Toe seepage 

.. 



•' 

48 

in particular indicates a potentially dangerous condition, espe
cially during dry periods. 

Vegetation density is an important stability factor. Cut slopes 
where upslope vegetation has been cleared are much more 
likely to fail during severe weather conditions than if vege
tation remains undisturbed. Removal of vegetation permits 
erosion to increase, reduction in the shallow portions of the 
slope from loss of root structure, increased infiltration during 
rainy periods, as well as an increase in evaporation during 
dry spells. The latter condition results in surface desiccation 
and cracking, and provides entrances for runoff into a poten
tial slide area. These factors pertain also to unprotected cut 
and fill slopes. 

Vegetation type may be an indicator of areas with a rela
tively high failure potential. It appears that in tropical cli
mates, banana plants favor less stable colluvium over the 
stronger residuum, probably because of the higher moisture 
content of the colluvium. 

Indicators of slope movements and existing instability include 
tilted or bending tree trunks and tilted poles and fenceposts, 
tension cracks along the slope and behind the crest, slump 
and hummocky topography, and failure scars. Straight but 
tilted tree trunks indicate recent slope movements, whereas 
trunks curving near the bottom and then growing vertically 
indicate old and progressive movement. Tension cracks are 
a well-known failure indicator, but for many of the forms 
along BR 116, such as the planar slides and debris avalanches 
that occur suddenly during heavy rains, tension cracks may 
develop only immediately preceding failure. 

Slope Activity 

Slopes are characterized by various levels of activity, ranging 
through the following stages: 

• Stage I is a stable slope with no apparent movement. 
• Stage 2 is the early failure stage, in which shallow slump

ing, creeping, and formation of tension cracks associated with 
small movements have occurred. 

• Stage 3 is the intermediate failure stage. Significant 
movement has occurred. Progressive slumps and scarps have 
formed during rotational slides, blocks have separated during 
planar slides, and tension cracks have grown in width and 
depth. Movement velocities may have been in the range of 
about 2 to 5 cm/day, accelerating during rainy seasons and 
storms and decelerating during dry periods. 

• Stage 4 is partial failure of the slope, with the total move
ment of a major block or portion of its volume to its final 
location. 

• Stage 5 is the final failure stage. The slope has failed 
completely, with a final total movement having occurred char
acteristically during the wet season and after heavy rains. 

For predicting slope failures, Stages 2 through 4 are pri
marily significant because they indicate that the slope is resid
ing at a factor of safety near unity. Slopes can remain stable 
in these conditions for many years and then fail completely 
(Stage 5) as the result of either unusually heavy rains with a 
high level of ground saturation, the long-term decrease in 
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material strength caused by weathering processes, or an un
favorable change in slope geometry. 

Where slopes are undergoing progressive movements (such 
as occur in deep-seated rotational slides or large planar slides 
in rock masses where complete failure has not occurred), 
movement velocity and acceleration are important assessment 
factors. Such sliding masses require monitoring with instru
mentation. In Brazil, experience generally shows that if veloc
ities are relatively high-on the order of 2 to 5 cm/day and 
accelerating during the rainy season-complete failure can 
be expected in the near future. 

Sidehill fill activity assessment is based on the occurrence 
of pavement settlements and cracking, bulging at the embank
ment toe, and movement velocities. Slopes where movements 
are judged to be excessive should be monitored. 

Rainfall 

Ground saturation and rainfall are major factors in slope fail
ures and affect their incidence, form, and magnitude. Several 
aspects are important in slope stability assessment for a given 
location: 

1. Climatic cycles over a period of years (whether the cur
rent cycle is one of high or low annual average precipitation); 

2. Rainfall accumulation in the current year as compared 
with normal precipitation (i.e., higher, lower, normal); 

3. The current season (wet or dry); and 
4. Storm intensities (in centimeters per hour). 

Evaluations of rainfall records have two important applica
tions: 

1. A basis for judging the future stability of cut slopes that 
have remained stable for some time interval under a particular 
weather history, and 

2. Establishment of the criteria for early warning of 
impending slope failures. 

An early warning system based on "danger charts" has been 
suggested by Guidicini and I was a ( 4). Such a system has been 
used to forecast slope failures and even to temporarily close 
roadways to traffic in Brazil. In the evaluation of the potential 
stability of an existing cut slope and the development of early 
warning systems, it is necessary to use records that cover as 
long a time interval as possible, because weather is cyclic. To 
judge that a particular cut slope is stable because it has remained 
so for a long time, its weather history and the possible weather 
conditions that could occur must be considered. The occur
rence of the severest long-term historical conditions repre
sents the true test of a slope's stability. 

Slope Failure Risk Map 

The slopes along the roadway were evaluated on the basis of 
the assessment factors, and judgments were made regarding 
the hazard degree and the failure risk. Slope failure risk maps 
were prepared for five levels of risk incorporating the hazard 
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rating; an example of one section of roadway is shown m 
Figure 6. The levels of risk were defined as follows: 

1. Very High Risk: High slopes where relatively large fail
ures will close the roadway are considered Level 1. Natural 
drainage permits substantial water to enter the area, and fail
ures have already occurred. Conditions include steeply inclined 
cut or uncut slopes, generally greater than 30 degrees, with 
a layer of SR or SC over a rock surface inclined downslope 
or SC intercepted in the cut; fills subjected to severe erosion 
with danger of pavement undercutting causing loss of support; 
and culverts beneath fills in locations with potentially very 
high runoff. 

2. High Risk: Relatively large failure probably will close 
the roadway. Conditions are similar to those for very high 

Pavement settlement Indicates 
unstable fill (2) ) 

·--~-·-\ 
Cuts with old sl ide scars 
suffering some minor 
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risk except that the slope is generally less steeply inclined and 
natural drainage is more favorable . The risk is judged to be 
only somewhat less than that in Level 1, and in many cases 
it is difficult to differentiate between these two levels. Failures 
have not necessarily occurred in areas assigned Level 2. Fills 
have consolidated or displaced, or both, causing pavement 
settlement and cracking. 

3. Moderate Risk: Slope heights are moderate. Failures 
are likely to be small in volume and not likely to close the 
roadway or severely affect its performance. Conditions include 
shallow cuts in steep slopes of SR or moderate slopes with 
SC, very steep cuts in fractured rock with a risk of falling 
blocks, slopes and fills with erosion, and areas with a layer 
of soil overlying rock that has already been subjected to slid
ing, which removed most of the overburden . 

......... 
Scole: 100 m 

Legend: (see text) 

(1) VERY HIGH RISK: Failures con be 
expected to close the roadway. 

3 
Thin SR/R on 
very sl••P-··
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from the cuts. 
(3) 

erosion. (3) ~ 
(2) HIGH RISK: Failures probably wiil 

close the roadway. 

(3) MODER A TE RISK: Failure expected 
to result in partial roadway blockage. 

(4) LOW RISK: Fai lu res not expected, or 
effects insignificant. 

(5) NO RISK: Not ind icated: level ground, 
sound rock, low cuts in strong soils, 

Vertical cut in generally sound granite 
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of 1979 (1) 

Debris slide, pre-1973 (3) 
4 -·---.__ 

1__.,~-::-->o,;;.,,,..,,.~ Fill with erosion (3) 
--~ ..... 
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Note: 
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Low concrete wal~··----...... 

Il"!-f'/"".HT~ .. r-Slope• with ve 
llltl~ soil 

Fill appears stable ( 4) 

Loose overhanging blocks (3) 

Loose blocks in lower 
cut slope, strong 
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FIGURE 6 Slope failure risk map, BR 116, Km 91-95. 
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4. Low Risk: Slope failures are unlikely. Conditions include 
shallow cuts in strong soils or rock and areas in which failures 
have removed the overburden. Some minor erosion may occur 
on cut slopes. Fills appear stable and not subject to erosion 
or consolidation. 

5. No Risk: Level ground, no cuts, or shallow cuts in very 
strong soils or massive hard rock present no risk. 

Slope Stabilization Along BR 116 

General 

The risk maps provided the basis for recommending slope 
treatments. To establish budget priorities, immediate treat-

'"'-------~/ 

/ 
Area of steep slope, soil cap 
over rock and substantial runoff. 
Install anchored walls to retain 
cop, located at top of cut in 
rock, or in some coses along slope 
toe. Detailed study required. Upslope 
vegetation should not be disturbed. 
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ments were recommended for areas with high or very high 
risk , since these conditions were expected to close the road
way to traffic . High priorities were given also to unstable rock 
cuts and erosional features, but the large rotational slide at 
Km 101 was assigned a lower priority. A section of roadway 
with suggested treatments is shown in Figure 7. Stabilization 
work should be performed during the dry season, beginning 
in April or May. 

Soil Slopes 

For the dominant case of a soil cap over a rock surface, 
retention with an anchored curtain wall (5) was recom
mended. For other soil slopes, recommended treatments 

Legend: 

.......... 
Scole: 100 m 

Previous slope failure location 

Zone of high to very high risk 

Anchored wall to be considered 

Erosion to be corrected 

Culverts where mofntenance is 
critical to ovoid washout 

Shotcrete or wall for loose blocks 
of badly fractured rock 

Install wattling to 
correct erosion 

~----'-------

........_____ .. 
Low walls to retain 

t;f'#/+1111=::-T"-- soil cop 
~-------.... .,,..

~~1-1-11.f.-f-- Remove soil cap or low 
/'~~:::::;:;. wall with roadway 

Fiii on steep slope suffering 
erosion and movement will 
require anchored curtain woU. 

Improve cut drainage~ Install benches, drains and 
wattling to control erosion, drain along crest. 

drainage improved 

Shatcrete or wall for 
loose blocks in overhang 

,, 
~--

FIGURE 7 Preliminary consideration of slope stabilization schemes for high-risk areas 
along BR 116, Km 91-95. 
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included improvements of surface drainage within the cut area 
and erosion protection, or regrading and the installation of 
subhorizontal drains. 

Improvements to upslope drainage were not recommended 
since installations would be difficult and costly on the steeply 
inclined and heavily vegetated slopes and the necessity of 
removing vegetation would decrease stability. 

Rock Cuts 

It was recommended that large masses of small blocks (frac
tured to crushed zones) in vertical cuts be reinforced by shot
creting or retained by lightly anchored walls. In either case, 
rock drainage must be maintained. Individual blocks judged 
to be free and unstable should be removed by scaling or 
reinforced with bolts or anchors. A group of large, unstable 
blocks will require anchored concrete straps or wire mesh and 
shotcrete. Blasting for any purpose should be strictly con
trolled to avoid reducing rock quality. 

Sidehil/ Fills 

Stability of sidehill fills is more critical than most cuts, since 
a complete failure would result in the loss of the roadway, 
necessitating reconstruction. Recommendations for correc
tion of erosion included regrading the fill slope and planting 
heavy vegetation, and improving roadway and slope drainage. 
In severe cases where the sidehill fill was in danger of failing, 
retention with an anchored curtain wall was recommended. 

Culverts 

Recommendations emphasized the importance of careful 
maintenance of culverts and other drainage systems to prevent 
failures. 

CONCLUSIONS 

Qualitative Assessment of Slopes 

By application of the techniques of landform analyses, geo
logic conditions along a stretch of roadway subjected to slope 
failures can be determined efficiently. Conditions are assessed 
and judgments made to identify areas with various risk levels 
of future instability. Recommended stabilization treatments 
depend on the risk level and the predicted nature of the poten-
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tial failure. As an interim solution to completion of a stabi
lization program, early warning systems and roadway closure 
provide some temporary public protection, although they are 
an inconvenience. 

Study Limitations 

The evaluations of the failure risks and the determination of 
solutions along BR 116 were based entirely on interpretations 
of stereo-pairs of aerial photographs and field reconnaissance. 
In some areas of potentially high risk, additional detailed 
geotechnical studies with explorations were recommended to 
accurately establish geologic sections for detailed evaluations. 

Postscript 

In the years following the study, as budgets permitted, DNER 
began to install the recommended stabilization treatments. 
During December 1981, over 28 cm of rain fell during a 
2-week period, most of it in storms of 1 or 2 days' duration. 
Many slope failures occurred causing loss of roadway sections, 
and the roadway was closed for about 2 weeks. A major failure 
near Km 92 resulted in a number of deaths when a bus was 
pushed from the roadway into a deep ravine. The location 
had been mapped as having a high risk. In 1982 DNER began 
to close mountain roadways to traffic when pluviameter 
measurements of rainfall reached 10 cc in 15 min (about 
10 cm/hr). 
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Seismic Response of Highway 
Embankments 

J. DAVID ROGERS 

The basic mechanisms by which natural slopes and highway 
embankments respond to seismic loading are explained. The 
response of a slope to earthquake loads depends on a number of 
localized conditions, such as geologic structure, topographic setting, 
seismologic setting, complexity of saturated zones, and the 
geophysical properties of soil and rock making up the mass. 
Observations following earthquakes suggest that slope response 
varies widely depending on the above-cited factors. In conclusion, 
how to draw the distinction between landslide and settlement
induced movement is discussed. 

Through the first few generations of highway construction 
(1925-1955), there was scant engineering geologic input as 
to the routing of roads. As a consequence, much of the U.S. 
highway infrastructure is founded upon or adjacent to geo
logically unstable ground, terrain that may be particularly 
susceptible to reactivation through seismic loading. Figure 1 
shows a schematic representation of a typical ancient landslide 
complex in mountainous terrain. Such complexes often lie 
within regions of recognized paleoseismic activity, and the 
potential for seismic instability is considered high. However, 
the accurate prediction of seismically induced reactivation of 
such deposits requires a thorough understanding of the var
ious mechanisms of mass movement. 

MECHANISMS OF SEISMICALLY INDUCED 
MOVEMENTS 

Seismically induced slope movements have often been cate
gorized as lurching, lateral spreading, liquefaction, and enhanced 
ground shaking. "Lurching" is a colloquial term used to describe 
permanent ground movements resulting from earthquakes. No 
distinction is made as to the mechanism of movement, which 
could be due to partial liquefaction, differential settlement (den
sification), or landslide reactivation. "Lateral spreading" is the 
more correct term used to describe gross lateral distortions on 
sloping ground, generally referring to natural as well as man
made embankments. The slope of the ground may be very slight, 
as little as 0.50 degree. Liquefaction is a failure mode in which 
pore water pressures are developed that exceed the effective 
strength of a porous material through buoyance (the effective 
confining pressure is lessened by the amount of increased pore 
pressure). In many instances, liquefaction may be confined to 
a particular stratum and thereby engender lateral spreading or 
lurching of higher ground. 

"Enhanced ground shaking" is also a colloquial term, used 
to describe local enhancement of incoming seismic energy due 
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to wave deformations induced by near-surface deposits of low 
modulus soil or soils. Generally, these distortions are greater 
in the higher vibrational frequencies (above 5 Hz), and lower 
in the frequencies associated with large quakes (closer to 1 
Hz). Wood (1) originally described ground enhancement effects 
in reporting increased shaking intensities along the margins 
of San Francisco Bay during the 1906 earthquake. Naito (2) 
later made almost identical observations during the disastrous 
1923 Tokyo quake. Much later, Borcherdt (3) did extensive 
experimental work in studying this phenomenon in the San 
Francisco Bay area, and Seed and Idriss ( 4,5) subsequently 
incorporated such precepts into modern geotechnical earth
quake engineering theory and practice. Today, nationwide 
standards for performing deterministic assessments are readily 
available throughout the United States ( 6). Following are 
brief discussions of those mechanisms most pertinent to 
landsliding. 

Dynamically Induced Settlement 

When large dynamic loads, such as earthquakes, transmit 
through a fill embankment, some densification invariably occurs 
because of the large shear stresses that are suddenly imposed 
on the embankment. Makdisi and Seed (7) were among the 
pioneers in providing simplified finite-element procedures for 
estimating embankment deformations induced by strong shaking 
motion. Less sophisticated pseudostatic assessments, such as 
those originally proposed by Seed and Martin (8), have gen
erally been found lacking in predicting embankment response. 

The effect of seismic wave excitation on embankments 
depends to a great degree on the following factors: 

1. Geologic site conditions and whether subsurface 
embankment conditions (such as being situated along a bay 
margin or across an old channel or lake deposit) are favorable 
for producing site enhancement effects; 

2. Number of equivalent load cycles in excess of about 
0.10 g; 

3. Ratio of horizontal to vertical acceleration; 
4. Cohesive character of embankment materials (plastic 

embankments tend to damp and absorb more energy, whereas 
granular fills are more prone to densification); 

5. Position of the water table within the embankment at 
the time of shaking (some larger embankments may have 
several perched levels); 

6. Degree of available subdrainage built into the embank
ment (which helps alleviate excess pore pressures); 
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FIGURE 1 Site response of large ancient landslides in mountainous terrain, 
showing entrapment of surface waves in softer, yielding sediments or 
landslide cover. 

7. Amount of previous densification induced by antecedent 
shaking, age of embankment, or previous cycles of ground
water rise and fall; 

8. Seismologic constraints, such as near-field effects, wave 
entrapment, shallow bedrock escarpment reflections, Moho 
reflections, seismic focusing, bilateral versus uniaxial rupture 
scenarios at the hypocenter, and so on; and 

9. Coseismic vibrations induced by adjacent ground move
ment, tidal waves, seiches, and so on. 

Experience has shown that highway embankments are par
ticularly susceptible to earthquake-induced settlements, espe
cially bridge abutment approach fills (Figure 2). In the abut
ment area, large strains can be induced by vertical seismic 
acceleration and by transverse response of stiff bridge support 
members (the shorter supporting columns or bents will gen
erally be of much higher stiffness). 

Also particularly susceptible to quake-induced densification 
are older side-cast roadway fills across former gullies and 
ravines in steep, mountainous terrain (Figure 3). Valley fills 
are subject to settlement in directions transverse and parallel 
to the old valley trend (Figure 4). In such cases, the magnitude 
of observed settlement depends markedly upon strong motion 
duration and the water table position within the embankment. 
Embankments that are excited by seismic shaking in dry years 
tend to be most prone to dynamically induced settlement. On 
the other hand, earthquake loading effects on embankments 

PASSIVE YIELD ZONE 

ORIGINAL GRADE 

AFTER SETTLEMENT 

APPROACH FILL 

+ VERTICAL ACCELERATION 
LOADING FILL 

are most pronounced at levels in excess of 80 percent of the 
static rupture strength, meaning that a large number of lower
level load cycles may have little or no effect on inducing large 
permanent strains (7). 

Seismic Activation of Landslide Complexes 

Most ancient slides exhibit abundant evidence of semicontin
uous, long-term movement, or creep. As the slide mass is 
excited by either vertical or lateral earthquake accelerations, 
some densification inevitably occurs within units of low or 
moderate relative density. In addition, seismic shear waves 
induce excessive shear stresses, which cause the embankment 
to physically deform. Some portion of this physical defor
mation is not recoverable and results in permanent defor
mation, because soil and rock mixtures are elastoplastic. 
Dynamically induced settlements observed after earthquakes 
are, therefore, generally caused by a combination of mass 
densification and excessive shear stress. Embankments by their 
nature are constructed in a layered fashion, thereby engen
dering anisotropy of their physical properties and moduli of 
deformation (9). In addition, embankments are seldom sym
metrical with respect to their foundations and as a conse
quence cannot be expected to show a symmetrical response. 
For these reasons, differential settlement of embankments or 
ancient landslide deposits is inevitable. 

~" n f\ . TRANSVERSE SEISMIC LOADING 
--vu vv-- SLAMS DECK INTO ABUTMENT 

STIFF STRUCTURAL SUPPORT 

FIGURE 2 Dynamically induced settlement of viaduct approach fills. 
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FIGURE 3 Roadway fills susceptible to quake-induced 
densification. Top: seismically induced rockfall of dry bedrock 
cut on California Route 17 near the epicenter of 1989 Loma 
Prieta earthquake (photograph by Woodrow Higdon, Geo-Tech 
Imagery Int.). Bottom: settlement of unkeyed fill wedge on Old 
Santa Cruz highway after 1989 Loma Prieta earthquake 
(photograph by Dan Orange, University of California, Santa 
Cruz). 
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Within the accepted precepts of soil mechanics consolida
tion theory, even dynamically induced settlement must follow 
lines of principal effective stress, which are not vertically inclined 
(although these lines are influenced by the ratio between hor
izontal to vertical acceleration). The lower the relative water 
table within a hillside compartment, the greater the potential 
for densification and classic settlement (because of higher 
effective stresses under dry conditions). 

Differential densification will usually occur with a signifi
cant horizontal component of motion, causing tensile sepa
rations to form at the location of discrete but preexisting 
tension scarps. Often, these separations are most dramatic in 
old tension grabens, seen as soil-filled scarps or grabens on 
closer subsurface examination (Figure 5). The soil-filling of 
these scarps suggests that the same sort of tensile separation, 
settlement, and apparent downslope translation have occurred 
many times in the past. Downhole instruments, such as incli
nometers, could be expected to register pseudo downslope 
motion in the event of simple densification because of the 
significant downslope component of movement (which would 
increase in accordance with slope inclination). 

Graphic evidence of both consolidation and creep-induced 
settlement of large landslide complexes can be drawn from 
successive inclinometer readings. In Figure 6 a series of incli
nometer readings and observations drawn over a period of 7 
consecutive years is shown schematically. The uppermost cross 
section depicts observed groundwater levels shortly after the 
apparent cessation of macroslide movement. At this juncture, 
inclinometers were installed to record any further movement. 
The middle section shows observed water levels within the 
slide mass and indicated motion on one of the inclinometers 
3 years later. Some net downslope motion appears to have 
occurred concurrent with an observed drop of the entrapped 
groundwater level. The lowest section shows the same situ
ation some 7 years later. The inclinometer reading indicates 

/
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FIGURE 4 Dynamically induced settlement of valley fill. 
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FIGURE 5 Differential densification of headscarp in ancient landslides. 
Top: coalescing ancient landslide. Bottom: pseudo slippage observed following 
earthquake. 

more than twice the movement of 4 years before, and the 
water table has consistently continued to fall. 

The curvilinear portion of the inclinometer profile appears 
to follow the declining water table. It is believed that the 
inclinometer has recorded consolidation and shrink-induced 
settlement of the slide mass. following dilation and swell asso
ciated with mass translation. Although significant subsurface 
motion is also recorded, it does not appear attributable to 
translation of the landslide mass on its own slip surfaces. 
Nevertheless, such movement, or macro creep, could be 
expected to shift any structure extending across the mass onto 
more stable adjacent ground. This would therefore be an 
example of pseudo landslide motion, induced by a combi
nation of shrink, creep, and settlement as the slide mass slowly 
dries out and consolidates. 

In general terms, the response of large ancient slides to 
seismic loading would appear to be heavily influenced by the 
following factors: 

1. The relative static safety factor (SF) at the time of seis
mic shaking; no slide mass with a static SF of 1. 70 or greater 
has failed in an earthquake, no matter of what intensity (10,11); 

2. The relative amount of groundwater entrapped within 
the slide mass at the time of shaking; earthquakes during years 
of high precipitation tend to reactivate many more slides than 
those occurring in dry years; 

3. The geographic position of the slide mass with respect 
to the earthquake focal area; and 

4. The geophysical properties of the landslide mass and the 
duration of strong shaking (number of equivalent load cycles). 

The latter two factors were discussed previously. The rel
ative position of entrapped groundwater tables is critical to 
static slope stability assessments and probably even more crit
ical to seismic stability evaluations. In general, higher levels 
of moisture, or saturation, tend to occur in zones subjected 
to downslope accretion (as shown in Figure 1) or adjacent to 
structural aquacludes, such as faults. 

A schematic cross section of a hypothetical headscarp is 
shown in the upper part of Figure 5. Individual groundwater 
compartments are typically formed between both lithologic 
and old slip surface boundaries. Old tension scarp grabens, 
typically exposed as areas of gentle slope or closed depres
sions, usually funnel large amounts of surface run-off into the 
slide mass. 

RESPONSE OF EMBANKMENTS 

In order to study the deformational potential of highway 
embankments, some basic understanding of static effective 
stress distributions within such slopes is necessary. Prediction 
of the dynamic performance of an embankment is intrinsically 
related to the static stress history of the embankment. 

Figure 7 is a schematic section through a nonkeyed embank
ment composed of clayey fill subjected to varying ground
water levels. Shallow groundwater commonly accumulates in 
fills because of perching along less-permeable strata or older 
native soils buried beneath the embankment. In Figure 7 the 
relative change in effective stress (defined as the total stress 
minus the pore pressure) at two different positions in the 
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embankment is represented on conventional pressure-void 
ratio consolidation plots. Position A represents the approxi
mate position of maximum effective stress at the time of con
struction. Note that this location lies on the virgin compression 
curve. If groundwater accumulates to a Level 1 (approxi
mately five-eighths saturation of the embankment), the soil 
at Position A, through buoyance, swells along the rebound 
curve to Point 1, a reduction of two-thirds of the effective 
stress it originally felt. The amount of shear strength that 
could be mobilized at Position A is thereby greatly diminished 
through buoyance. 

Soil situated somewhat higher in the embankment, at Posi
tion B, does not experience as dramatic a change, because of 
its less-confined position. At the time of compaction, it is just 
beginning to plot on the virgin consolidation curve, because 
of its overconsolidated nature (assuming a clay with moderate 
plasticity). When the water table rises to Level 1, the soil 
swells along its respective rebound curve. Through the process 
of cyclic swelling and shrinkage, the stress history of a clayey 
material (imprinted by mechanical compaction at the time of 
construction) is slowly erased (12) . In addition, through such 
load cycling, intrinsic cohesion may be greatly diminished. 
Simple long-term saturation can also cause a loss of cohesion, 
as described by Morganstern and Eigerbrod (13) and dem
onstrated by Rogers and Pyles (14) (Figure 8). 

As in the example of an ancient landslide, the prediction 
of settlement or lurching of embankments is strongly influ
enced by the in situ effective stress field. Figure 9 (top) shows 
the trajectories of maximum principal stress in valley-side 
sliver fill (unkeyed) embankments. A similar distribution of 
maximum-stress trajectories for keyed embankments is shown 
in the lower part of Figure 9. Note the influence of the slope 
face on the principal stresses, causing them to be inclined 
downslope. 

Figure 10 shows expected settlement vectors in the same 
embankment as that in the upper half of Figure 9. Settlement 
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FIGURE 9 Principal effective stress distribution. Top: valley
side sliver fill. Bottom: keyed valley-side fill embankment. 

vectors will tend to mimic the principal stress trajectories, 
engendering a significant horizontal component of movement 
much like a landslide. Outward surface manifestations of such 
movements-typically a down-dropped roadway shoulder, 
tension cracks aligned in an accurate manner around the deep
est portions of the fill wedge, and asymmetric settlement of 
midslope drainage terraces-are very similar to incipient land 
slippage. Note how the horizontal component of motion can 
be fairly severe. Such slopes may continue to creep because 
of any number of environmental factors, such as a declining 
water table or groundwater feeding into discrete zones of the 
fill (through increased subsurface percolation generally caused 
by periods of excessive percolation). 

If shrink-swell cycles continue unabated, embankment set
tlement due to creep will continue to manifest itself. Exam
ination of inclinometer time-deformation histories suggests 
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FIGURE 8 Reduction in effective cohesion of dense Cambrian-age shale subjected 
to shear testing parallel to bedding (19). 
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FIGURE IO Expected settlement vectors in valley-side wedge fill. 

that creep and settlement-induced strain is accumulated upslope, 
close to basal boundaries of the embankment, as shown in 
Figure 10. When the strain accumulates sufficiently to supersede 
the limiting strain of the soil, rupture will begin, generally 
along some of the shoulder tension cracks. In most embank
ments, this rupture is progressive from top to bottom of the 
slope. As accumulated strain levels approach 0.5 to 1.5 per
cent of the basal fill-contact length (L) as shown in Figure 
11, rupture will progress at successively higher rates of strain 
until macrorupture occurs somewhere near the position indi
cated as MR. After shearing through the soil progresses to 
the vicinity of MR, sufficient driving forces are generally 
mobilized to rapidly overcome the remaining unsheared por
tion of the embankment toe. At this juncture, true landslide 
motion begins, where a semicoherent mass freely translates 
downslope. As macromotion of the entire slide mass contin
ues, residual shear strength levels develop along the newly 
formed slide surface, thereby causing the resisting forces to 
degrade below prefailure peak strength levels. If the mobi
lized shear strength drops to residual values, landslide motion 
may continue for some period of time with less apparent 
connection to environmental conditions such as rainfall. 

The progressive failure sequence described in Figure 11 has 
long been recognized by both highway and railroad engineers, 
who casually refer to such a sequence as a landslide that "creeped 
itself to failure" (15). Indeed, examples exist oflarge continuous 
slide motions without any apparent relation to weather extremes, 
for example, the Palolo Valley slide, first described by Peck 
(16), which has continued to move even through a significant 
drought from 1973 to 1988. In other instances, such as the 
celebrated slides along the Culebra Cut in the Panama Canal, 
an equal number of major bedrock slides reach their rupture 
points in dry years as in wet years (17). 

With the above observations in mind, it would appear that 
virtually every slope or embankment possesses unique geo
logic, hydrologic, and construction history characteristics. These 
characteristics and the load history due to plasticity, creep, 
and cycling of entrained pore pressures likely serve to imbue 
each slope with a unique threshold with respect to future 
movement. In more colloquial terms, some slopes have 
"creeped" enough (through any number or combination of 
the above-cited factors) to be close to failure at any particular 
time. The concept of the continuously degrading slope safety 

factor was first proposed by Terzaghi (18) and has been cited 
by many others in explaining why some extremely large slides 
survive large storms and then are seemingly triggered by smaller 
ones (16,19). 

DISCRIMINATING BETWEEN SETTLEMENT 
AND LANDSLIDING 

Much confusion has arisen from recent postearthquake recon
naissances in which scores of ground cracks have been observed 
within and adjacent to large embankments and known ancient 
landslide complexes. The author believes that much of what 
has previously been described as seismically induced "land
slippage" is actually seismically induced "settlement," the 
surface manifestations of which are strikingly similar but the 
analytical procedures for which are dramatically different . 

Appreciating the similarities and variance between settle
ment and landslide-induced embankment deformations would 
appear particularly relevant to highway engineering mainte
nance, modification, and mitigation assessments. Illustrative 
case histories of embankments subject to both settlement 
(Figure 12) and landslide (Figure 13) are given. 

Figure 12 shows a set of circumstances typical of a modern
day keyed highway embankment. The highway fill was keyed 
into underlying bouldery colluvium (Step 1). With time and 
seasonal precipitation, shallow groundwater can build up within 
the embankment (Step 2) . At high water levels, the embank
ment may begin to exhibit outward manifestations of apparent 
downslope movement. At this juncture, most highway depart
ments simply overlay the subsiding area with asphalt, but 
prudent engineers may opt for installing inclinometers to mon
itor long-term movement. In Step 3, inclinometers have been 
installed and the readings taken indicate a falling water table 
with apparent settlement and downslope motion. However. 
the apparent horizontal offsets measured in the inclinometers 
should mimic the fall of the water level (as shown in Figure 
6) and will tend to decrease toward the brow of the embank
ment slope. This would be the classic subsurface pattern asso
ciated with simple consolidation and settlement of the 
embankment. 

Figure 13 shows incipient landslide motion in a nearly iden
tical geologic setting. As in the previous study, a keyed 
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FIGURE 11 Plot of peak mobilized shear strength along slip surface L. 

embankment was founded upon a bouldery colluvium with 
an overconsolidated clay matrix (Step 1). Once again, the 
roadway shoulder exhibited evidence of movement, so incli
nometers were installed. In this instance, the ground surface 
settlement distribution was observed to be similar to that 
shown in Figure 12. The exception was that a sharp offset 
was noted in vicinity of the headscarp. Measured settlements 
to the roadway side of the headscarp were minimal when 
compared with those on the slope side. The headscarp sep
aration appeared to mimic the approximate location of the 
embankment's upper key backslope. Inclinometer readings 
indicated a consistent increase in measured motion toward 
the brow of the embankment slope. This would be the classic 
subsurface deformational pattern associated with landsliding. 

After macrotranslation of a landslide begins and the mass 
starts to translate downslope as a semicoherent mass, incli
nometer casings are usually sheared off and little controversy 
remains as to what is occurring. Less often, large, translatory 

slide masses can creep along with similar movement levels 
manifest throughout the mass (although inclinometer readings 
still tend to be smaller at the toe and larger toward the head
scarp). If an ancient translational slide is reactivated, less 
obvious precursory motion in terms of strain levels ascending 
upslope is measured. 

CONCLUSIONS 

Although engineering geologists are capable of identifying 
ancient landslide areas and highway embankments on a broad 
scale, the assessment of seismic instability potential is, at the 
present time, exceedingly difficult to predict. Permanent slope 
deformation under earthquake loading appears to be depen
dent on a large number of site-specific variables relating to 
geology, hydrology, seismology, and construction practices. 
However, certain slopes, through their geologic and topo-
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FIGURE 12 Slope strain by settlement. 

graphic setting and previous site history, are likely more prone 
to failure because their static factors of safety have degraded 
to a point of marginal stability. 

No simple limit equilibrium or pseudostatic loading rela
tionship presently exists that can coprocess all of the geologic 
and seismologic variables. At this time, judicious engineering, 
geologic mapping and analyses, in situ instrumentation, and 
surface alignment surveys are the most proven approaches 
for defining potential problem areas. Ancient landslide reac
tivation can be analyzed using gross empirical estimates such 
as those posed by Wilson and Keefer (20) of the U .S. Geo
logical Survey. Analysis of gross permanent embankment 
deformations can still be effected using simplified procedures 
developed by Makdisi and Seed (7) for earth dams, but these 
procedures should not necessarily be applied to more foreign 
situations, such as sanitary landfills. It is likely that an expan
sion of analytical techniques can be expected in the coming 

decade if federal funding for research in this area continues 
through the Federal Highway Administration, state trans
portation departments, or the National Earthquake Hazard 
Reduction Program. 
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Accelerated Movement of Large Coastal 
Landslide Following October 17, 1989, 
Loma Prieta Earthquake in California 

JOAN E. VAN VELSOR AND JOHN L. WALKINSHAW 

The January storms of 1982 mobilized an ancient landslide in the 
coastal bluffs of Marin County, California. Slow, intermittent 
movement of portions of the large slide mass required periodic 
maintenance by the local highway district through 1989. A 
significant increase in the rate of movement occurred following 
the October 17, 1989, Loma Prieta earthquake. Because the new 
rate ~f movement made it impossible to keep the highway open, 
the highway was closed for 13 weeks following the earthquake. 
The roadway was ultimately relocated behind the failure plane 
and the approximately 765 000 m-' (1.000,000 yd-') of excavation 
material placed in the ocean (as an erodible fill) against the lower 
slope of the landslide. Before the earthquake, approximately 5.5 
m ( 18 ft) of intermittent downslope movement occurred between 
1982 and October 1989. During the 17-month monitoring period 
between the earthquake and landslide repair some 28 m (92 ft) 
of downslope movement was recorded. The rate of slide movement 
increased to more than 50 mm/day between October 1989 and 
the spring of 1990, decreased, and then accelerated to 284 mm/ 
day just before construction began in the spring of 1991. 

In 1991. the California Department of Transportation (Cal
trans) repaired a large landslide, called the Lone Tree land
slide, in the coastal bluffs of Marin County (see Figure 1). 
Historic landsliding at this site began when the January storms 
of 1982 mobilized a portion of an ancient landslide. In the 
years following 1982, the remobilized landslide experienced 
relatively slow, intermittent, downslope movement. 

The steep ocean-fronting cliffs of Marin County have long 
been associated with landslide processes. The combination of a 
young, geologically recent, uplifted terrain; active coastal ero
sion by wind and waves; and an inherently weak geologic foun
dation material (the Franciscan formation) has resulted in land
slides' being the dominant erosional process in the region . The 
scalloped coastline is formed of overlapping active and dormant 
landslides and resistant narrow ridges (see Figure 2). 

Before the October 17, 1989, Loma Prieta earthquake, 
movement on the Lone Tree landslide varied from 60 mm to 
300 mm/month (2.4 to 12 in./month). After the earthquake, 
movement increased from 910 mm to 1220 mm/month (3 to 
4 ft/month). The rate of slide movement following the earth
quake made it impossible to maintain a traversable roadbed 
and the highway was closed on January 15, 1990. 

J.E. Van Velsor, California Department of Transportation, District 
4, P.O . Box 7310, San Francisco, Calif. 94120. J. L. Walkinshaw, 
Federal Highway Administration, Region 9, 211 Main Street, Suite 
1100, San Francisco, Calif. 94105. 

LONE TREE LANDSLIDE 

The Lone Tree landslide extended from just above sea level 
to approximately Elevation 120 m (400 ft) mean sea level 
(MSL) and was about 140 m (600 ft) wide and 30 m (100 ft) 
deep under the roadway. State Route 1 traverses the landslide 
at Elevation 65 to 70 m (210 to 230 ft) MSL. 

Portions of the larger landslide were active during the 1980s 
(see Figure 3). Between 1982 and 1989, the northern and 
southern parts of the slide were active. Landslide movement 
had occurred both above and below the road. The maximum 
amount of movement occurred in the northern portion, known 
as the Lone Tree landslide. 

A foundation investigation and landslide analysis resulted 
in a repair strategy of unloading the upper portion of the slide 
approximately 765 000 m3 (1,000,000 yd3 ) and relocating the 
highway 70 m (230 ft) inland, behind the slide plane. 

Because the project area is surrounded by overlapping and 
adjacent park land and public agency jurisdictions, selecting 
a geotechnically suitable and environmentally acceptable dis
posal site for the excavation material became a major part of 
the environmental processing of the project. In all, 13 public 
agencies had jurisdiction or permit authority over the project. 
Vigorous public debate and the concerns of permitting agen
cies resulted in about 15 months of environmental evaluation 
and alternative disposal selections while the highway remained 
closed. 

Hauling the excavation material up to 26 km (19 mi) to 
existing disposal sites was opposed by the small communities 
both north and south of the landslide because of the antici
pated lengthy community disruption from passing haul trucks. 
Hauling would also have caused substantial damage to the 
two-lane state highway. Exclusive of actual hauling costs, it 
was estimated that the 160-day continuous haul would cause 
pavement damage equal to 3 years of normal traffic usage, 
at an equivalent cost of $210,000 to $270,000. 

On-land disposal of the material in upland areas was opposed 
by the adjacent state and federal public park jurisdictions and 
was geotechnically unacceptable because of the high proba
bility of initiating other slope failures by overloading the already 
marginally stable slopes. 

Ocean disposal was opposed by marine protection agencies 
because of the anticipated damage to marine organisms from 
direct burial and from future sedimentation from the eroding 
fill. A federal marine sanctuary is located approximately 460 m 
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FIGURE 1 Location map; diagram shows conditional probabilities of major 
earthquakes in Bay Area (12). 

(1,500 ft) offshore and was a major concern. Before landslide 
repair, 1525 to 1990 m3 (2,000 to 2,600 yds3

) of soil and rock 
were already entering the marine environment each month 
because of slide movement. It was estimated that 2038 to 2650 
m3 (2,670 to 3,470 yds3) would be eroded from the proposed 
fill each month, a 30 percent increase over the expected 25-
to 30-year lifetime of the fill. 

Lengthy discussions and negotiations with permitting agen
cies were required. Proposals to remove the excavation mate
rial by barges (estimated cost $1.8 million), installation of 
offshore cofferdams or Longard geotubes, and engineered 
construction of the proposed fill with a permanent rock re
vetment (estimated cost $550,000) were evaluated. All these 
alternatives were rejected on the basis of feasibility or like
lihood of causing more environmental damage than was 
prevented. 

Ultimately, approval was obtained to dispose of the 765 000 
m3 of excavation material by placing it on the rocky beach 
and near-shore area as a lightly compacted fill against the 
lower slope of the landslide below the highway (see Figure 
4). The involvement of elected local, state and federal sen
ators and representatives and the state or national heads of 
the jurisdictional agencies was required to obtain the needed 
permits. 

The fill extends some 55 m (180 ft) into the ocean and is 
anticipated to erode gradually over a period of years. Aggres
sive erosion control on the erodible fill and new cut slope; 
removal of fill infringing on a coastal stream approximately 
2 mi to the south, which had been placed in the past by non
highway agencies to create a parking lot for beach access; 
and a 5-year offshore sedimentation and biologic community 
monitoring program in the slide area were conditions required 
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by the permitting agencies as mitigation for the landslide repair. 
Mitigation costs are anticipated to reach at least 50 percent 
of the $2.1 million expended for actual construction to relo
cate the roadway to stable ground. 

FOUNDATION CONDITIONS 

The landslide is within the Jurassic-Cretaceous Franciscan 
formation. Eugeosynclinal deposits of greywacke, green
stone, chert, limestone, and exotic metamorphic rocks have 
been profoundly deformed and sheared by regional tectonics 
(1) in this region. The Franciscan formation is widely exposed 
over much of the California coast ranges and is often asso
ciated with large, deep-seated landslides. Landslides of all 
dimensions are present within the region. 

The Franciscan formation is a complex assemblage of sed
imentary, volcanic, and metamorphic rocks characterized as 
a melange-a heterogeneous mixture of disrupted rock masses 
in a pervasively sheared and crushed matrix material (2). 
Melange is believed to form at shallow depths in subduction 
zones where compressive forces between moving crustal plates 
crush and mix rocks of different origins. 

SCALE IN FEET r-., I 
0 300 600 900 

Typically, repair of landslides in this type of formation is 
difficult. The heterogeneous and sheared nature of the Fran
ciscan formation results in disrupted, unpredictable drainage 
paths, large boulders, and widely varying strengths of material. 

Thirteen borings were placed for the investigation of this 
landslide. Borings SI-1 through SI-6, were placed for ground
water and inclinometer monitoring and were not sampled. 
Borings P-7 through P-13 were core borings placed to evaluate 
foundation conditions in the excavation back slope. 

The rock recovered in the core borings was primarily highly 
friable and sheared black shale with sparse clasts [up to 7 m 
(23 ft) in diameter] of hard gray sandstone and lesser amounts 
of chert and metamorphic rock. Sieve analyses of core and 
bulk samples found 24 to 42 percent passing the 0.074-mm 
(#200) sieve. Dry unit weights averaged 2240 kg/m3 (140 lb/ 
ft3

) with moisture contents of 4 to 12 percent. Core recovery 
ranged from 76.5 to 100 percent and averaged 90.4 percent. 
The high core recovery rate in this difficult-to-sample material 
is due to the highly skilled state drill crew on staff with the 
District 4 Geotechnical Section. 

The average rock quality designation (RQD), a measure 
of the degree of fracturing and therefore strength of a rock 
mass, was recorded for each core sample. RQD is defined as 



66 TRANSPORTATION RESEARCH RECORD 1343 

FIGURE 3 Aerial photograph of Lone Tree landslide. 
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FIGURE 4 Cross section of Lone Tree landslide 
(Section A-A'). 

the total length ofrecovered core pieces greater than 100 mm 
(4.0 in.) in length expressed as percent of 1.5 m (5 ft) or more 
of core drilled (3). The average RQD was 16 percent but 
ranged from 0 to 100 percent. 

The sheared and fractured state of the rock was also expressed 
in the frequent severe water loss zones encountered during 
drilling. For 70 to 80 percent of the coring operation, drilling 
fluids were not returned to the surface but flowed into the 
fractured rock. 

Samples recovered from the core borings were subjected 
to soil strength tests. The unconfined tests found cohesion 
ranging from 29 to 86 kPa (600 to 1,800 psf). Triaxial testing 
[confining pressures 27 to 90 kPa (4 to 13 psi)] indicated an 
average <I> of 24 degrees and cohesion of 50 kPa (1,000 psf). 

PRE-EARTHQUAKE SLIDE CONDITIONS 

Because of the landslide-prone terrain and the chronic but 
intermittent and slow rate of slide movement, little docu-

mentation of slide movement before the earthquake exists. 
Available data consists primarily of personal recollection, aer
ial photographs, snapshots, records of maintenance expendi
tures, and sparse pavement profiles. 

The movement history of this site is typical of many state 
routes with chronic maintenance problems. For a long time, 
landslide movement was not documented in any kind of con
sistent, scientific manner. 

The winter of 1981-1982 brought unusually high rainfall to 
the San Francisco Bay Area (see Figure 5). Unusually high 
antecedent moisture conditions were aggravated by the storm 
of January 3-5, 1982, which caused substantial damage 
throughout the Bay Area and closed State Route l at the 
Lone Tree slide for several months. During the January storm 
some 300 to 400 mm (12 to 16 in.) of rain fell in the 30-hr 
storm, which is about equal to the total annual rainfall for 
the area. 
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In 1982 it was recognized that the storm had reactivated a 
portion of an ancient landslide. In addition to landsliding 
above the road. which had occurred both above the subsiding 
roadway and to the north , subsidence below the roadway had 
occurred in the southern portion of the ancient landslide. 

An inclinometer was installed at highway level in the south
ern portion of the landslide in May 1982 at a depth of 47 m 
(155 ft). The inclinometer was sheared off 8 to 12 months 
later, at a depth of 12 m (39 ft) . 

The $500,000 repair implemented in 1982 consisted of high, 
steep but relatively thin sliver cuts 3 to 4 m (10 to 15 ft) thick; 
a deep underdrain at highway level; improved surface drain
age; and horizontal drains. To buttress the roadway, the exca
vated material was placed below the road at about Elevation 
30 m (100 ft) MSL upward . Because of the steepness of the 
terrain and the need to minimize impacts to adjacent Mount 
Tamalpias State Park, the cut slopes were set at 11

;,: 1 
(horizontal: vertical). 

During the 1982 construction it was evident that the buttress 
itself was marginally stable because cracks quickly reappeared 
in the pavement and movement continued in the slope below 
the roadway. The 1982 repair was only temporarily effective 
because the landslide was deeper and laterally more extensive 
than originally believed. The roadway was reopened to traffic 
after a 4-month closure. 

The northern slide area (the future Lone Tree landslide) 
began to develop between 1982 and 1983. By 1985 the land
slide was clearly defined by cracks in the upper slope and 
pavement patches where the side scarps crossed the highway. 

Unusually heavy rainfall occurred in 1982-1983 and land
slide movement continued after the 1982 repair. Movement 
was generally slow (on the order of several centimeters per 
month) with brief localized episodes of movement of up to 
300 mm/month (12 in./month). Highway maintenance staff 
repaved the highway periodically to maintain the road surface 
and highway maintenance expenditures were typically $20,000 
to $40,000/year during this time. 

During 1985-1986, cumulative subsidence of the roadway 
in the southern area became so pronounced that a lightweight 
fill (sawdust) was placed on the roadway in order to restore 
the highway grade and additional horizontal drains were 
installed. 

The annual maintenance expenditures for this section of 
highway are graphically shown in Figure 6. About every fourth 
year there was a major reconstruction. reflecting the accu
mulation of slow displacement, which required periodic 
regrading. 

In 1989 another increase in the rate of landslide movement 
was noticed, with almost a foot of vertical drop in August. 
Cumulative movement had once again lowered the highway 
profile, which resulted in an unacceptable vertical curve. The 
highway was once again leveled in August 1989 at a cost of 
$90,000. 

Field reviews were conducted by Caltrans District 4 Geo
technical Section in August and September 1989. An attempt 
was made to install an inclinometer at roadway grade with a 
contract drill rig on October 10-11, 1989 because the District 
4 state drill crew and rig were already committed to other 
projects. The contract rig supplied proved to be inadequate. 
After several equipment failures it was dismissed from the 
job and plans were made for installation of the inclinometer 
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with a different drill rig. In view of the earthquake that fol
lowed on October 17, this delay was unfortunate. 

The inclinometer was successfully installed on October 
23 - 24. 1989, 7 days after the Loma Prieta earthquake. Incli
nometer depth was 33 m (108 ft), and it was initialized on 
October 26. By November 6, the inclinometer had sheared 
off at a depth of 31 m (102 ft). Even though the bottom of 
the hole was no longer accessible, groundwater levels contin
ued to be recorded in the inclinometer on a regular basis. 
This inclinometer also became the reference point for surface 
movement recorded by surveys taken from October 30, 1989, 
until April 9, 1991. when reconstruction of the highway began 
(see Figures 3 and 4). 

On the basis of various highway profiles, topographic maps , 
aerial photography, and maintenance records we have esti
mated that 5.5 m (18 ft) of vertical settlement occurred during 
the 90 months between the January 3-5, 1982, storm and the 
October 17. 1989, earthquake. The amount of settlement 
averages to 61 mm (2.4 in.)/month, or 2 mm (0.08 in .)/day. 
Actual rates varied seasonally and (by some estimates) 
approached 300 mm/month (12 in./month) during some winter 
months. In all cases over the 7-year period the intervals of 
faster movement were brief, lasting 1 to 2 months, and fol
lowed by lengthy periods of slower movement. 

POSTEARTHQUAKE SLIDE MOVEMENT 

In the extraordinarily difficult and busy period that followed 
the Loma Prieta earthquake, the magnitude of the accelerated 
movement at the Lone Tree landslide was not immediately 
reported, nor was it anticipated that the accelerated move
ment would continue. It took several months to determine 
that the accelerated movement was not a temporary anomaly 
(such as had been experienced at brief intervals in the prior 
7 years) but instead a permanent change in the slide regime. 
In the meantime, the roadway was maintained as serviceable 
through the weekly paving efforts of the local maintenance 
staff. 

On January 15, 1990, after more than 3 months of accel
erated movement and a drop of the highway of more than 
2.4 m (8 ft), it was recognized that it was no longer possible 
to keep the road open, and the highway was closed. 
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On January 17, 1990, a survey monitor line was established 
across the landslide and periodically monitored until April 9, 
1991. In addition, the surface location of the inclinometer 
placed in October 1989 was monitored . Figure 7 is a plot of 
total movement from 1982 through 1990; the period from 1982 
to 1989 depicts the reconstructed data . The period 1989 to 
1991 is from survey data. The total resultant movement (ver
tical and horizontal) of the top of the inclinometer casing 
recorded by surveys between October 30, 1989, and April 9, 
1991 is shown in Figure 8. 

From January 19-21, 1990, five more slope indicators were 
installed in the landslide: one below the highway, and four 
in the slope above the highway. Groundwater was found at 
depths of 7.4 m (24 ft) in Boring SI-3 and 29.6 m (97 ft) in 
Boring SI-6. In 2 to 6 days, these slope indicators sheared at 
depths ranging from 14.5 to 23 m (48 to 76 ft). 

STABILITY ANALYSIS 

Three stability analyses were conducted for this landslide using 
the computer model PC-STABL4M (Purdue University). The 
initial analysis used the back-calculated soil strength parameters 
along the slide plane defined by inclinometer data. The second 
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analysis was conducted to evaluate the stability of the original 
slide plane after 765 000 m3 of material were removed from the 
head of the slide and placed as a temporary buttress against the 
lower slope. This analysis also used the back-calculated soil 
strength parameters. The third analysis was conducted to design 
the back slope for the proposed excavation and used the soil 
strength parameters obtained by triaxial testing of core samples 
from the new back-slope material. 

Back calculation of safety factors along the failure plane 
defined by the inclinometers resulted in soil strength values 
of <!> = 11 degrees, C = 19 kPa ( 400 psf), and factor of safety 
= 0.99. Using these same shear-strength parameters , and 
adding pseudostatic earthquake forces derived from those 
measured at the Point Bonita seismograph for the Loma Prieta 
earthquake (0.11 g horizontal , 0.06 vertical), the factor of 
safety drops to 0.826-a 17 percent drop. 

Analysis of the proposed repair strategy yielded an initial 
factor of safety of 1.6 with the buttress in place . Removal of 
the buttress, as is anticipated to occur eventually through 
erosion, yielded a factor of safety of 1.24; therefore , the high
way has been relocated behind the slide plane. 

The excavation backslope was 60 m (200 ft) high. Stability 
analysis slope, using soil strength parameters of <l> = 24 degrees 
and C = 50 kPa (1 ,000 psf), resulted in the recommendation 
of a l Y2: 1 slope, a midslope bench 15 m (50 ft) wide, and 
extensive subdrainage (horizontal drains) to achieve a mini
mum factor of safety of 1.3 to 1.9. 

EARTHQUAKE PARAMETERS 

The Loma Prieta earthquake, which was 7.1 M, (surface wave 
magnitude), occurred along a recently seismically quiescent 
portion of the San Andreas fault (see Figure 1) . The fault 
segment had been identified as having a relatively high prob
ability for an earthquake of this magnitude because of low 
microseismicity and the absence of historic earthquakes along 
this segment. A previous earthquake of a similar magnitude 
is believed to have occurred in the region in 1865, and the 
1906 earthquake rupture zone included this segment. 

Primary surface rupture was not found along the San Andreas 
fault following the Loma Prieta earthquake . The earthquake 
occurred at a depth of 19 km (11.5 mi), and fault rupture 
dissipated before it reached the surface . The duration of 
shaking was 10 to 15 sec; the strongest ground shaking 
recorded near the epicenter reached 0.64 g horizontal and 
0.60 g vertical (4,5) . 

The Loma Prieta earthquake triggered 131 seismograph 
stations in the region; 77 recorded ground motion and the 
remainder were located on buildings . At the Lone Tree land
slide, modified Mercalli intensities were estimated at IV. The 
recording station closest to the Lone Tree slide is the Point 
Bonita seismograph, located approximately 10 km (6 mi) to 
the east. The Loma Prieta earthquake recorded 0.11 g hori
zontal and 0.06 g vertical at this station. The Point Bonita 
seismograph is located on a fractured sandstone bedrock. 

The epicenter of the Loma Prieta earthquake was located 
some 113 km (70 mi) southeast of the Lone Tree landslide . 
The primary wave motion at the site from the 7.1 M, main 
shock and the subsequent aftershock swarm would have had 
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a strong southeasterly component. In addition to the primary 
southeasterly wave, recorded ground motion also showed a 
strong transverse wave (Love wave). The direction of the 
transverse wave (Point Bonita) rotated clockwise from east 
to west and southwest to northeast, as frequencies increased 
from 0.4 to 0.8 Hz and 3.2 to 6.4 Hz (6). 

The Lone Tree landslide is within a southeast to northwest 
trending ridge, and landslide movement is therefore to the 
southwest (S15°W). The higher frequency ground motion, 
(3.2 to 6.4 Hz) was therefore parallel to the direction of slide 
movement. The earthquake induced ground motion (normal 
to the free face of the slope) is seen as a factor in the change 
in the rate of landslide movement observed after the Loma 
Prieta earthquake. 

ANALYSIS OF MOVEMENT AT 
LONE TREE SLIDE 

Before the earthquake, the landslide moved at an average 
rate of 2 mm/day with brief episodes of 10 mm/day. Imme
diately after the earthquake, the landslide was moving at 22.8 
mm/day (0.9 in.). During the period between October 30, 
1989, and January 17, 1990, the landslide averaged 27 mm/ 
day (1.0 in./day). 

Varnes (7), Hungr (8), Morgenstern (9), and Cruden (10) 
have presented velocity classifications for landslides and sep
arated them into six or seven classes. Each class covers a 
range of velocities within two orders of magnitude (see Table 1). 

The Lone Tree landslide rate following the earthquake of 
27 mm/day, or 3.1 x 10- 4 mm/sec in SI units (ASTM E380-
89), places this slide in Cruden's (10) slow category (Class 3). 
This rate is close to the middle of Class 3, with a lower limit 
of 50 x lQ- 6 mm/sec, or 1.6 m/year (5.25 ft/year), and a high 
limit of 5 x 10- 3 mm/sec, or 13 m/month (42.6 ft/month). In 
our opinion, the SI units suffer from a lack of logical percep
tion by the public and even the engineering community because 
of their small scale. 

TABLE 1 CLASSIFICATION OF LANDSLIDE 
MOVEMENT RATES (10) 

OLD NEW 

m mm/sec CLASS DESCRIPTION m 
mm/sec 

(SI Units) 

3 m/sec 

600 .. 

0.3m/min 

288 

1.5 m/day 

30 

1.5 m/month 

12 

1.5 m/year 

25 

3 x 10 3 

5 

17x10 
-3 

0.6 x 10-3 

-6 
48 x 10 

-6 
0.06 m/year 1.9 X 10 

7 Extremely rapid 
- - - - - - - - 5 m/sec 5x10 3 

6 Very Rapid 100 • 

- - - - - - - - 3 m/mln 50 

5 Rapid 100 

- - - - - - - - 1.8 m/hour 0.5 

4 Moderate 100 

- - - - - - - - 13m/month 5X10·0 

Slow 100 

- - - - - - - - 1.6 m/year 50x10 .. 

2 Very Slow 100 

- - - - - - 16 mm/year 0.5 X 10·• 

Extremely slow 100 

• Velocity increment between classes 
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Fukuzono (11) presented the results of the work of a num
ber of authors who have studied the problem of developing 
predictive models for catastrophic failures. In discussing Salt's 
work (unpublished paper, Disaster Prevention Research Insti
tute, 1988), Fukuzono reports that Salt's critical limit for the 
model velocity of a slide that has strained to its residual strength 
is 50 mm/day (5.8 x 10- 4 mm/sec). At this velocity, Salt 
proposes that a landslide poses a substantial risk for imminent 
catastrophic failure. This rate is in the middle of the slow class 
(Class 3). Salt also suggests that the critical limit in terms of 
acceleration is 5 mm/day/day. 

Salt suggests that had his limits been used, several days of 
forewarning would have been available on several cata
strophic slides. The use of these values for real-time hazard 
prediction requires frequent reading of instrumentation and 
the immediate interpretation of the results. This is difficult 
to achieve with conventional instrumentation systems and 
geotechnical staffing levels in state highway agencies. This 
monitoring would perhaps lend itself well to some of the 
automated systems being marketed today. 

After closing the roadway on January 15, 1990, a survey 
monitor line was established across the landslide at approx
imately roadway level. Between January 17 and April 5, the 
movement increased to an average of 54. 7 mm/day (2.15 in./ 
day), a critical rate by Salt's criteria, indicating possibly immi
nent failure. From April 5 to August 13 and August 13 to 
December 20, the average rates slowed down to 34.5 mm/day 
(1.4 in./day) and 23.8 mm/day (0.94 in./day), respectively. 
The slowing down gave a false indication of what was to 
happen over the winter of 1990-1991 (see Figure 7). 

Monthly readings over the winter of 1990-1991 show suc
cessive rates of 38.9 mm/day (1.5 in./day), 67.7 mm/day (2.7 
in./day), 145.6 mm/day (5.7 in./day), and 284.4 mm/day (11.20 
in./day) or 3.3 x 10- 3 mm/sec [still in the slow class defined 
by Cruden (10)] between December 20, 1990, and April 9, 
1991. April 9 is the date of the last reading before any con
struction activity was started. 

Salt's critical acceleration rate was exceeded sometime 
between February 14 and March 13 approximately a month 
after exceeding the 50 mm/day rate. The average acceleration 
for this period was 5.6 mm/day/day, 0.6 mm above Salt's 
critical acceleration rate. Some additional monitoring was per
formed during construction and the movement peaked at 800 
mm/day (30 in./day) without catastrophic failure. 

RAINFALL 

Before the earthquake, slide movement responded to winter 
rains and the subsurface exploration program found zones of 
high permeability within the slide material. At the time of 
the earthquake in October 1989, however, it was the end of 
the summer and this region was experiencing the conse
quences of its third lower-than-average rainfall season. In 
October 1989, there were 31 mm (1.25 in.) of rainfall, the 
first of that rainfall season. Rainfall remained low, 53 mm 
(2.1 in.) in November and no rain occurred in December 1989, 
yet the rate of landslide movement did not diminish. The 
spring of 1990 received 440 mm (17.37 in.) of rainfall, and 
movement of the landslide continued. There were slight 
increases or decreases in the rate of landslide movement that 
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appear to correlate with the seasonal rains; however, there 
was no change in the overall trend. The landslide continued 
to move over the summer of 1990, with very little reduction 
in the rate of movement . The winter of 1990-1991 also expe
rienced below normal rainfall (see Figure 5). Acceleration in 
the rate of landslide movement occurred in December, when 
antecedent rainfall was still low [60 mm (2.34 in.)] and con
tinued to accelerate over the spring of 1991. Substantial rain
fall in February [105 mm ( 4.14 in.)] and March [312 mm (12.29 
in.)] coincided with continued acceleration. 

Because the acceleration of landslide movement began in 
1989 and 1990 before substantial antecedent rainfall, and the 
rate of landslide movement failed to diminish significantly 
over the summer of 1990, the author believes the more than 
tenfold increase in rate (2 mm/day to 22.8 mm/day) imme
diately following the earthquake is not tied to a change in the 
groundwater regime. 

POSTCONSTRUCTION MONITORING 

Six inclinometers were placed in the new back slope after 
construction. Potential slope movement and groundwater are 
being monitored in the inclinometers . A grid of survey points 
has been established across the erodible buttress to record its 
gradual removal by erosion and ocean waves. 

CONCLUSIONS 

The authors have presented the monitoring and analysis per
formed to correct a large, slow-moving landslide on State 
Route 1 in the northern coast of California. Also presented 
is a comparison of recorded rates of movement with critical 
velocities and accelerations proposed by others as warnings 
of imminent catastrophic failure. 

Before the Loma Prieta earthquake, the slide was moving 
at a rate generally manageable by maintenance forces, although 
road closures were necessary from time to time. After the 
earthquake, the rate of movement increased to an intolerable, 
although still subcritical, level, according to published values. 
After continued movements over a long period, the slide 
accelerated to the critical values proposed by Salt, although 
sudden and rapid movements were never reached. Salt's crit
ical velocity was reached in early 1990. Subsequently, there 
was a decrease in velocity, and the critical velocity threshold 
was again reached in early 1991, a month or so before reaching 
his critical acceleration threshold. During the earthwork for 
landslide repair (Figure 9), the rate of slide movement increased 
to 16 times the critical velocity and catastrophic failure did 
not occur. 

Continued studies to provide a reliable method for pre
dicting the time of rapid failure of a landslide is necessary. 
This landslide did not fit existing models. 

The authors believe that the accelerated rate of movement 
at Lone Tree landslide is due to a combination of factors; 
large movements over the years lowered the shear strength 
of the material in the failure plane, and earthquake shaking 
accelerated the process. Other factors include seasonal rain
fall and the continued erosion of the toe of the landslide by 
the ocean, which prevented natural buttressing. The linkage 
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FIGURE 9 Aerial photograph of completed landslide repair, 
Lone Tree landslide. 

of increased landslide movement with earthquake accelera
tion is supported by statements in Salt's work , which shows 
that frictional materials in the fine fraction range are more 
sensitive to earthquake accelerations than cohesive soils . The 
lowering of the factor of safety by just a small percentage in 
these materials can lead to accelerated movement rates. 

This case history documents a unique failure by deterio
ration of the shear zone because of long-term shearing and 
earthquake shaking. The monitoring program and analysis 
show that the increase in rate of slide movement coincides 
with the earthquake event and suggest that it was a major 
contributory factor. 
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Back Analysis of Olmsted Landslide 
Using Anisotropic Strengths 

GEORGE M. FILZ, THOMAS L. BRANDON, AND J. MICHAEL DUNCAN 

An analytic model of existing landslides on the Illinois shore of 
the Ohio River at the proposed Olmsted Locks and Dam site has 
been developed. This model is based on field and laboratory 
investigations that characterize the geometry, material distribution, 
and groundwater levels at the existing slides. Back analyses of 
landslide stability were used to determine the soil strengths, which 
were necessary to complete the model. Trial residual friction 
angles for the back analyses were based on the results of laboratory 
shear tests and on a correlation with the plasticity index. However, 
because of difficulties in performing the laboratory shear tests, 
greater reliance was placed on the correlation with the plasticity 
index. One of the most important materials involved in the 
landslides is the McNairy I formation, which consists of interbedded 
layers of clay, silt, and sand. The McNairy I is inherently anisotropic, 
and strength variations with inclination of the failure surface were 
incorporated in the back analyses. 

Locks and Dams 52 and 53 are located on the Ohio River, 
near its confluence with the Mississippi River. These struc
tures, built in the 1920s, are in poor condition. Additional 
temporary locks were added in 1969 and 1980 to help handle 
the increasing volume of river traffic, but these locks are also 
deteriorating. Because the capacity of the facilities is limited, 
river traffic is impeded at Locks and Dams 52 and 53. To 
provide sufficient and reliable navigation capacity through this 
portion of the Ohio River, the U.S. Army Corps of Engineers 
is replacing Locks and Dams 52 and 53 with a single facility 
that will include two new locks positioned side by side. The 
new locks and dam will be built near Olmsted, Illinois, at the 
location shown on the vicinity map (see Figure 1). 

The Olmsted Locks and Dam are being designed by the 
U.S. Army Corps of Engineers. The project will include two 
locks, each 110 ft wide and 1,200 ft long, adjacent to the 
Illinois shore; a 2,200-ft-wide navigable pass controlled by 220 
wicket gates, each 10 ft wide; and a 426-ft-long fixed weir 
composed of a series of gravel-filled sheet-pile cells extending 
to the Kentucky shore (J). 

The location of the new locks and dam is fixed by navigation 
requirements upstream and an environmentally sensitive area 
downstream. Unfortunately, the bank on the Illinois side of 
the river at the dam site is a massive active landslide more 
than 3,000 ft long, with the head scarp located some 600 ft 
from the shoreline. Remedial stabilization measures will be 
incorporated in the project design. To assess the impact of 
construction on stability, back analyses were performed to 
evaluate the strengths of the materials involved in the land
slide. A special feature of the back analyses is the incorpo-

Department of Civil Engineering, Virginia Polytechnic Institute and 
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ration of anisotropic strength parameters for one of the materials 
involved in the landslide. 

BACK-ANALYSIS PROCEDURE 

Back analysis is a useful procedure for developing an analytic 
model of a failing slope. The resulting model can be used to 
help design remedial stabilization measures and to assess the 
impact of various construction operations. An analytic model 
of a slope consists of the following five components: 

1. The landslide geometry. This includes the location of 
the ground surface, the location of the sliding surface, and 
the locations of the boundaries between different material 
types. 

2. Pore water pressures at the sliding surface. These are 
necessary for effective stress analyses. 

3. External loads acting on the slope. In the case of static 
back analysis of the Olmsted landslide, the only external load 
is the water pressure from the Ohio River at the toe of the 
slope. 

4. The unit weights of the materials involved in landslide. 
5. The strengths of the materials along the failure surface. 

For the Olmsted landslide, the first four components of the 
model could be evaluated with reasonable accuracy on the 
basis of field and laboratory investigations. Back analysis was 
used to establish the fifth component of the model, the soil 
strengths. In back analysis, the known conditions in the slope 
and the fact that the factor of safety (FS) was equal to 1.0 
(at the time of the failure) are used to evaluate the soil strength, 
which must have been mobilized during the slope movement. 

Based on observations of scarp development and survey 
monument movement at the Olmsted landslide, the displace
ments have been in the range of several ft. Because of the 
large displacements, residual strengths are in effect along the 
existing failure surfaces, and the material strengths can be 
characterized by values of effective stress residual friction 
angles ( <1>;) greater than zero, with effective cohesion inter
cepts (c;) equal to zero (2,3). 

If only a single material were to exist along the sliding 
surface, and if the material had c; = 0, back analysis would 
result in a unique value of residual friction angle for the mate
rial. On the other hand, if there are two or more materials 
along the sliding surface, as there are for the Olmsted land
slide, back analysis does not result in unique residual friction 
angles for the materials. Consequently, other means, such as 
laboratory tests and correlations, must be used to guide the 
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Olmsted Lock 
and Dam Site 

Indiana 

FIGURE I Location of Olmsted Lock and Dam site. 

analyses. A reasonable back analysis procedure for a slope 
with more than one material along the failure surface includes 
the following steps: 

1. Laboratory test results and correlations with index prop
erties are used to establish trial values of shear strength param
eters for the materials along the failure surface . For the Olmsted 
landslide, only the values of the residual friction angles, <1>:, are 
needed because the displacements are large enough to reduce 
the shear strengths to their residual values and can be closely 
approximated by values of <1>;, with c; = 0. 

2. A stability analysis is performed using the known slope 
geometry, groundwater levels, and external loading condi
tions at the time of the failure. The analysis yields a FS cor
responding to the trial strengths from Step 1. 

3. The trial strengths from Step 1 are adjusted using the 
FS computed in Step 2 according to the following formula: 

(1) 

If extensive local experience with a particular material is avail
able, this experience along with Equation 1, could be used to 
adjust the strength of some of the materials more than others . 

4. The results of Step 3 can be verified by reanalyzing the 
slide using the strengths from Step 3. The value of FS cal
culated using these strengths should be 1.00. The final back
calculated strengths, which produce a FS equal to unity, are 
appropriate for the existing sliding surface where the shear 
strength has been reduced to residual. 

This procedure takes full advantage of the information pro
vided by the large-scale shear test, which an existing landslide 
represents. Whereas laboratory tests use relatively small spec
imens whose properties must be extrapolated to entire for
mations, a landslide involves all of the material along the 
failure surface and the shearing resistance of all this material 
is reflected in the back analysis. As long as the location of 
the failure surface, groundwater conditions, external loads, 
and material unit weights can be estimated with reasonable 
accuracy, a useful analytical model can be developed. Minor 
inaccuracies in the location of the failure surface or the phreatic 
surface will result in compensating changes in the back-
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calculated strengths in order to produce an internally con
sistent model that can be used to evaluate the effectiveness 
of remedial stabilization measures . 

Confidence in the analytic model, obtained from back anal
ysis is increased when the same set of strengths results in an 
FS value close to 1.0 for several cross sections throughout the 
landslide and when the back-calculated strengths are in rea
sonable agreement with laboratory tests and correlations with 
index properties . 

For the Olmsted landslide, a complicating factor is the pres
ence of the layered McNairy I formation along significant 
portions of the failure surfaces. The McNairy I consists of 
interbedded layers of clay, silt, and sand. As a result of the 
layering, the strength properties of the formation are highly 
anisotropic, with the lowest strengths on horizontal and near
horizontal surfaces that pass primarily along the clay layers, 
and with the higher strengths on inclined surfaces that cut 
across the clay, silt, and sand layers. Here, the term "ani
sotropic" is used to refer to the inherent strength anisotropy 
of an entire formation, as described by Ladd and Foott ( 4) 
for varved clays. 

The following sections describe how the back-analysis pro
cedure was applied to the Olmsted landslide and how strength 
anisotropy of the McNairy I formation was incorporated into 
the analyses. 

DESCRIPTION OF EXISTING LANDSLIDES 

Evidence of instability on the Illinois shore at the Olmsted 
site was first discovered in 1987 during the foundation inves
tigation for the proposed locks and dam. On the basis of 
observations of geomorphic features such as scarps, cracks, 
leaning trees, and hummocky terrain, the approximate extent 
of unstable ground was mapped. The boundary of the unstable 
area is shown by the line labeled Upper-Bank Slide Scarp in 
the site plan, as shown in Figure 2. The upper-bank slide is 
about 3,300 ft long and the head scarp of the slide is about 
600 ft from the shoreline. Because of the observed instability, 
slope inclinometers and additional piezometers were installed 
in the slide area. 

In late May and early June of 1988, a rapid drop in the 
river level from Elevation 290 ft to Elevation 283 ft took place 
over a 10-day period. In the lower portion of the river bank, 
near-vertical scarps up to 3 ft high developed 150 to 200 ft 
from the shoreline. Over the next month, the scarps and 
cracks propagated laterally along the river and eventually 
reached a total length of 3,100 ft. The location of the summer 
1988 scarp is shown in Figure 2 by the line labeled Lower
Bank Slide Scarp. 

Geology 

Cross-section 1, which is located on the dam centerline, cuts 
through both the lower- and upper-bank landslides. The lower
bank portion and the upper-bank portion of Cross-section 1 
are shown in Figures 3 and 4, respectively. The most impor
tant stratigraphic units in the lower-bank area are presented 
in Table 1, and their distributions at Cross-section 1 are shown 
on Figure 3. 
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FIGURE 2 Plan view of Olmsted Lock and Dam site showing the scarp for the lower
and upper-bank slides. 
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FIGURE 3 Cross section of lower-bank slide at Section 1. 
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TABLE 1 STRATIGRAPHIC UNITS IN 
LOWER-BANK SLIDE AREA 

Unit Name Descrtpt 1 on 

Alluvium Very soft to stiff silty clay wtth tnterbedded 

colluvtal layers and occastonil fine sand 

lenses. 

Colluvium A heterogeneous mixture of clay, silt, and 

Qravel. 

McNairy I Medium stiff to stiff interbedded clay, silt, 

and very fine to fine sand. Based on SPT N-

values, laboratory tests, and shear wave 

velocity measurements, the upper few feet of 

the McNairy I are softer than the deeper 

oort i on_s. 

The most important stratigraphic units in the upper-bank 
area are presented in Table 2 and their distributions at Cross
section 1 are shown in Figure 4. In comparing Figures 3 and 
4, it should be noted that the head scarp of the lower-bank 
slide in Figure 3 is at approximately the same location as the 
toe of the upper-bank slide in Figure 4. 

Topography 

The Ohio River flows southwest at the Olmsted site. The 
normal pool level is at Elevation 290 ft; however, the level 
seasonally fluctuates between low water at about Elevation 
280 ft in the summer to high water at about Elevation 315 ft 
in the winter. The lowest elevation of the river bottom is 250 
ft. Typical ground surface slopes on the Illinois shore in the 
area of the existing landslides range from 8 to 14 degrees. A 
gently rounded ridge line is located about 700 ft from the 
Illinois shoreline. The ridge elevation is about 390 ft at the 
downstream end of the locks and about 445 ft at the upstream 
end of the locks. 

TABLE 2 STRATIGRAPHIC UNITS IN 
UPPER-BANK SLIDE AREA 

Unit Name Description 

Wilcox Gravel Iron oxide cemented sandy gravel with fine 

sand and sandy clay. 

Porter's Stiff to hard, fat clay. Montmori 11 onite ts 

Creek the predominant clay mineral in this unit. 

OWl 's Creek This unit is mineralogically similar to the 

underlying McNairy I. Its consistency ts 

stiff to bard. 

McNairy I Medium stiff to stiff interbedded clay, silt, 

and very fine to fine sand. As in the lower 

bank area, SPT N-values, laboratory tests, and 

shear wave ve 1 ocity measurements indicate that 

the upper few feet of the McNairy I are softer 

than the deeper portions. 

75 

Groundwater 

Piezometric levels in the McNairy I formation slope down 
toward the river but at a shallower rate than the ground sur
face slopes. Artesian conditions exist near and beneath the 
river. Because the McNairy I formation consists of near
horizontal layers of clay, silt, and sand, the formation 
undoubtedly has higher horizontal than vertical permeability. 
This high horizontal permeability is believed to be a factor in 
the development of artesian pressures. Elevated pressures 
near and beneath the river are probably driven by the higher 
groundwater levels upslope to the north and possibly upstream 
to the east. 

Piezometer readings taken during summer 1988 landslide 
indicate that piezometric levels in the slope only dropped 1 to 
3 ft in response to the 7-ft drop in the river level of late May 
and early June. 

Location of Failure Surfaces 

Twelve slope inclinometers installed in the landslide areas 
helped define the location of the failure surface. In addition, 
five standpipe piezometers were obstructed or broken during 
the lower-bank slide in 1988. The elevations of the piezometer 
disturbances were determined. The information from the 
inclinometer casings and piezometer disturbances, with the 
location of the surface scarps, was used to estimate the loca
tion of the failure surface at several cross sections through 
the landslides. The estimated failure surface locations at Cross
section 1 are shown in Figures 3 and 4. 

Slide Mechanism 

The instrumentation data, surface feature observations, and 
information from the foundation exploration present a con
sistent picture of the slope movements at this site. The data 
indicate that sliding is primarily translational and that separate 
upper- and lower-bank slides exist. The base of the upper 
slide is at Elevation 298 to 322 ft and the base of the lower
bank slide is at Elevation 238 to 256 ft. These locations put 
the central portions of both the upper- and lower-bank slides 
within the top several feet of the McNairy I formation. 

This position for the failure plane indicates that weak layers 
exist in the top of the McNairy I formation. In fact, as pres
ented in Tables 1 and 2, the foundation exploration disclosed 
that the top of the McNairy I is softer than the rest of the 
formation. In addition, the McNairy I contains interbedded 
horizontal layers of clay, silt, and sand. Horizontal, or near
horizontal, sliding of the central portion of the landslides is 
probably taking place along the weaker clay layers in the 
upper part of the McNairy I. 

A way from the central portion of the landslides, the failure 
surface cuts across the bedding planes of the McNairy I for
mation. The strength along an inclined surface that cuts through 
clay, silt, and sand layers would be expected to be much higher 
than the strength along a horizontal surface in a clay layer. 
Thus, layering is the source of inherent strength anisotropy 
in the McNairy I formation. 

The lower-bank slide in 1988 occurred during an abrupt 
drop in river level from 290 ft to 283 ft. The decrease in 
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stabilizing force due to this drop in the river level was suffi
cient enough to cause movement of the lower-bank slide mass 
toward the river. 

Data from inclinometer readings taken after the 1988 slide, 
show that there is continuing movement of both the lower 
and the upper bank slides. This indicates that the FS for the 
existing slope has been close to unity since the slide. Relatively 
small changes in river level or small changes in piezometric 
levels within the slope appear to be sufficient to cause addi
tional increments of downslope movement. 

The slope movements have been large enough that there 
is little doubt that the shear strengths along the failure surfaces 
have been reduced to their residual values. A survey monu
ment in the lower-bank area moved down 1.3 ft and 2.0 ft 
toward the river over a 2.5-year period encompassing the 1988 
slide. As mentioned previously, near-vertical head scarps of 
the lower-bank slide range up to 3 ft high. These facts indicate 
that relatively large movements have taken place in this area. 
Consequently, residual friction angles appear to be appro
priate for the analysis of sliding on existing failure surfaces. 

TRIAL STRENGTH VALUES FOR 
BACK ANALYSIS 

Trial strength values are necessary to begin the back-analysis 
procedure. Both laboratory shear tests and correlations with 
index properties were used to select the trial strength values 
for the Olmsted slide. 

Laboratory Shear Tests 

Repeated direct shear tests were performed on small samples 
of alluvium, colluvium, McNairy I, and Porter's Creek soils 
to determine values of the drained residual friction angles, 
<Ji; . Table 3 presents the results of all the tests that were carried 

TABLE 3 SUMMARY OF RESIDUAL DIRECT 
SHEAR TESTS 

So il Boring Sample c ' ; • r LL 
(tsf) (degr ees) 

Alluvium AS-105 5A 0.00 22 . 5 46 

U0-21A I 0.00 33 . 0 31 

Colluvi um AS-105 7A 0.00 19 . 5 52 

U0-21 I 0.00 29 . 0 46 

U0-2JA. 2 0 .00 9.0 IOI 

McNa iry I UD-214 IA 0 . 05 10 .0 85 

U0-214 3C 0.10 15 . 2 64 

U0-214 2C 0. 20 18 . 0 47 

UD- 214 2C 0 . 03 13 .0 47 

U0-214 IC o . 20 6 . 7 70 

UD-214 3E 0.00 21. 0 47 

Porter's TP-7 I 0. 20 5. 0 Ill 

Creek TP-7 2 0.20 10 .0 112 

TP -7 3 0 . 20 12 .0 114 

TP-7 4 0.20 10 .0 117 

PL PI 

24 22 

23 8 

25 27 

25 21 

37 64 

34 51 

23 41 

20 27 

20 27 

29 41 

2.6 2.1 

45 66 

38 74 

43 71 

43 74 
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to sufficient displacement in order to develop residual strength 
conditions. There is considerable scatter in the results. The 
test data are believed to be erratic because of the difficulties 
involved in sampling, trimming, and testing representative 
samples of these materials. The alluvium tended to be soft 
and difficult to sample, the Porter's Creek material tended to 
be brittle and difficult to trim, and the alluvium and colluvium 
were highly variable. Variability in the materials probably 
contributed to scatter in the data because of the small size of 
the laboratory test specimens. In addition, the laminated char
acter of the McNairy I made trimming difficult. During test
ing, it was sometimes difficult to determine which components 
of the McNairy I were involved in shearing. 

Correlations with Index Properties 

There have been successful efforts to correlate <P', with the 
index properties of soils (2,5- 7). Typically, these correlations 
employ the PI, and the percentage of the clay fraction (less 
than 0.002 mm) composing the soil. One of these correlations 
could have been used to estimate reasonable <P' , values for 
the Olmsted project. However, because numerous additional 
data were available from more recent literature, it was con
sidered desirable to update the previous correlations. A total 
of 154 different pairs of q,; - PI values were collected (8) . 
The data include values of residual friction angles determined 
from the back analysis of existing slides, from repeated direct 
shear tests, and from ring shear tests. For estimating trial 
values of <Ji; for the Olmsted project, the subset of these data 
consisting of natural soils having no cohesion (c; = 0) was 
used . Figure 5 shows the data and the estimated <P', - PI 
trend. For comparison, the relationship proposed by Voight 
(5) is also shown . It can be seen that the two trend lines are 
quite similar. The trend line by Brandon et al. (8) shows a 
sharper curvature, and lower <1>; values in the PI range from 
20 to 50. 

Trial Shear Strengths 

Trial residual friction angles for the important soils involved 
in the landslides were based on the results of the laboratory 
shear tests and on the correlation with PI. However, more 
reliance was placed on the correlation with PI because of (a) 
difficulties in performing the laboratory shear tests cast some 
doubt on the accuracy of the test results, and (b) more Atter
bert limits tests than repeated direct shear tests were per
formed on the site soils. For each soil type, Table 4 presents 
the range of values of PI, residual friction angle measured by 
laboratory tests, residual friction angle obtained from the cor
relation in Figure 5, and the trial residual friction angle adopted 
for beginning the back analyses . 

Because of the interbedded nature of the McNairy I, the 
shear-strength parameters for this formation are undoubtedly 
anisotropic. The residual friction angle from the correlation 
with PI listed in Table 4 for the McNairy I soil ranges from 
10 to 30 degrees . The lower friction angles in this range cor
respond to the higher Pis, which are representative of the 
clay layers that would be involved in horizontal shearing. The 
higher friction angles correspond to the lower Pis, which are 



Fitz et al. 77 

40 

35 

30 
/Doto Compiled by Brandon, et. al., 1991 

!:> 

25 !:> 

<j'r 

!:> t> / Trend Line from Voight, 1973 

"( M 20 

(degrees) 

15 

10 

5 

0 
0 

~ l>.i>" ~ 
" ~ 

!:> "~ %.!:> 

25 50 75 

Plasticity Index (%) 

/

Trend Line from 
Brandon, et. al. , 1991 

!:> " 

100 125 150 
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TABLE 4 MEASURED, CORRELATED, AND TRIAL 
VALUES OF q,; FOR OLMSTED SOILS 

Representative ~' r rneasur;ef '>' r cor 
Soi 1 Pl ranae• . decrees (decrees) 

Alluvium 20 to 30 22.5 to 33 14. 5 to 20 

Coll uvi um 20 to 35 9 to 29 12.5 to 20 

McNairy I 10 to 50 7 to 21 IO to 30 

Porter's Creek 50 to 80 5 to 12 6.5 to 10 

•The representative ranges of plasticity index values 1 isted 

in Table 4 exclude atypical Atterberg limits tests results 

(8). 

;' r trial 
I decrees l 

18 

15 

see text 
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representative of mixtures of the coarse and fine material that 
would be involved in inclined shearing. On this basis, these 
trial friction angles for the McNairy I soil were selected for 
beginning the back analysis: ¢; (horJ = 10 to 11 degrees and 
¢; (non_ hoc) = 25 degrees. Arbitrarily, ¢; (hoc) was applied for 
sections of the failure surface to within ± 5 degrees of hori
zontal and ¢; (non_ horJ was applied for steeper sections of the 
failure surface. 

As shown in Figures 3 and 4, the Owl's Creek and Wilcox 
deposits play relatively minor roles in the sliding at this site. 
Their trial residual friction angles were estimated on the basis 
of visual classifications. A summary of the trial residual fric
tion angles used for the back analyses is presented in Table 
5, which also includes the unit weights of the materials. 

STABILITY ANALYSES 

Slope stability analyses were performed using the computer 
program SPENCER. SPENCER is a modern version of the 
program SLOPE8R (9) for analysis of noncircular slip surfaces 
using Spencer's method (10). 

Stability analyses were performed at four sections through
out the landslide. In addition to the upper- and lower-bank 
slides at Cross-section 1, which are shown in Figures 3 and 
4, the lower-bank slides at Cross-sections 14, 16, and 18 were 

also analyzed. At these sections, sufficient data were available 
regarding the location of the failure surface and groundwater 
levels at the time of the 1988 landslide to define the conditions 
required for analysis. The location of Cross-sections 14, 16, 
and 18 are also shown on Figure 2. 

Two analyses were performed for each section: one with 
¢; (horJ = 11 degrees in the McNairy I and another with 
¢; (horJ = 10 degrees in the McNairy I. In every case, a 
¢; (non_ hor) value of 25 degrees in the McNairy I was used. 
Table 6 presents the results of the analyses. 

TABLE 5 MATERIAL PROPERTIES FOR BACK 
ANALYSES 

Trial ¢', Total Unit Weights 

Soil I dearees \ llbs. oer cu. 

Alluvium 18 117 

Colluvium 15 112 

McNairy I 10 to II (horizontal) 118 

25 I non-horizontal I 

Olrll ' s Creek 18 117 

Porter's Creek 8 105 

Wi 1 cox 24 122 

TABLE 6 FACTORS OF SAFETY 
DETERMINED FROM 
SLOPE STABILITY ANALYSES 

Factor of Safetv 

Section McNairy I McNairy I 

¢' clho; l = 11' ¢',rhorl • 10• 

I Lower 1.05 0.99 

I Uooer 1.08 1.00 

14 1.03 0.99 

16 1.07 0.99 

18 1.00 0. 96 

ft.) 
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As indicated in the table, the calculated values of FS are 
generally slightly greater than 1.0 for <P; (hmJ = 11 degrees 
and are close to 1 .0 for <P: (ho•) = 10 degrees. Because the 
calculated values of FS are so close to 1.0 for the analyses 
performed with <1>; = 10 degrees, it was judged unnecessary 
to adjust the trial strengths. It was therefore concluded that 
the residual friction angles listed in Table 5, with <P;(hm) = 10 
degrees in the McNairy I, provide results in good agreement 
with all available information. These values of residual friction 
angle complete the analytic model of the Olmsted landslide. 

Confidence in the analytic model is relatively high but not 
solely because of the use of the back-calculation procedure 
to establish the residual friction angles. The number of 
unknowns (seven values of <J>;.) is greater than the number of 
analyses that could be performed (five cross sections). For 
this reason, and because of the inherent uncertainty in all of 
the measurements and interpretations made to characterize 
the landslide, it cannot be concluded that the set of <1>; values 
obtained from the back analyses are the true values in an 
absolute sense. In fact, infinitely many other sets of <P; values 
could be found, which would also give factors of safety close 
to 1.0. However, most of these sets of <1>: values would not 
be consistent with the other information known about the 
site soils. 

Confidence in the model obtained from these back analyses 
is relatively high because 

l. The analyses incorporate what is known about the stra
tigraphy and geologic characteristics of the site soils, including 
anisotropy in the McNairy I formation. 

2. The strengths corresponding to a value of FS equal to 
1.0 are in reasonable agreement with the laboratory test results 
and the estimated strengths from the PI correlation. 

3. The same strengths yield FSs close to 1.0 for all of the 
sections throughout the landslide for which there is sufficient 
data for analysis. Because there are variations from section 
to section in the distribution of materials, the position of the 
piezometric surface, and the position of the failure plane, the 
confidence increased in the model in comparison to a back 
analysis performed at only one section. 

SUMMARY AND CONCLUSIONS 

An analytic model of existing landslides on the Illinois shore 
of the Ohio river at the proposed Olmsted Locks and Dam 
site was developed. The model was based on field and lab
oratory investigations to characterize the geometry, material 
distribution, and groundwater levels at the existing slides. 
Back analyses of landslide stability were used to determine 
the soil strengths necessary to complete the model. The model 
will be useful for assessing the effects of proposed construction 
operations on the slope and for evaluating the effectiveness 
of remedial stabilization measures. 

Trial residual friction angles for the back analyses were 
based on the results of laboratory shear tests and on a cor
relation with the PI. However, because of difficulties in per
forming the laboratory shear tests, more reliance was placed 
on the correlation with the PI. 

TRANSPORTATION RESEARCH RECORD 1343 

One of the most important materials involved in the land
slides is the McNairy I formation, which consists of interbed
ded layers of clay, silt, and sand. The McNairy I formation 
is inherently anisotropic, and strength variation with incli
nation of the failure surface was incorporated in the back 
analyses. 

Confidence in the analytic model obtained from the back 
analyses is relatively high because the same strength values 
yield FSs very close to 1.0 for all of the five cross sections for 
which there are sufficient data for analysis, and because the 
strengths agree reasonably well with the laboratory test results 
and the index property correlation. 
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Instrumentation Systems for Selborne 
Cutting Stability Experiment 

E. N. BROMHEAD, M. R. COOPER, AND D. J. PETLEY 

A full-scale cutting slope failure experiment has been carried out 
at Selborne, Hampshire, England. The experiment used an 
extensive instrumentation system comprising inclinometer tubes, 
string inclinometers, piezometers, and surface wire extensometers. 
A high proportion of the instruments were connected to an 
electronic data gathering system that incorporated alarm-level 
outputs. Slope failure was successfully induced by pore-pressure 
recharge. The rationale of instrument selection a.nd the performa~ce 
of all the instrumentation systems in captunng comprehensive 
data are described. 

The Selborne slope study is a collaborative investigation that 
draws together particular expertise from Southampton Uni
versity, Warwick University, and Kingston Polytechnic. One 
face of a brickworks' clay pit was steepened to an overall 
slope of 1:2. An intensive instrumentation system was installed 
to monitor the behavior of the 9-m-high slope as it was brought 
to failure using pore-pressure recharge. 

The general nature of the project is described, and a detailed 
account of the instrument systems adopted and their perfor
mance is given. The wider aspects of the experiment and a 
full presentation of the instrument results and observations 
on the nature and development of the failure are in the prep
aration stage. Following publication of the comprehensive 
paper, the research team intends to make all appropriate site 
data and instrument results available in a standard spread
sheet format. Construction details of individual instruments 
have not been included because they are not significantly 
different from standard systems. The measures adopted to 
provide multiple options for instrument-reading methods along 
with the measures to establish automatic alarm systems that 
warn of approaching failure are emphasized. 

It should be noted that the instrumentation in this study 
was designed to record a single failure event and was not 
intended for routine performance monitoring. Therefore, it 
was essential that, whatever conditions prevailed at failure, 
the required readings could still be obtained. Several aspects 
of the system's design were influenced by this requirement. 

STUDY SITE AND GROUND CONDITIONS 

The Selborne slope study site is 4 km east of Selborne, near 
Alton in Hampshire, England, as shown in Figure 1. Its National 
Grid reference is SU-768342. The actual study area occupies 

E. N. Bromhead, School of Engineering, Kingston Polytechnic, Can
bury Park Road, Kingston-on-Thames, Surrey, England. M. R. Cooper, 
Department of Civil Engineering, University of Southampton, South
ampton, Hants, England S09 SNH. D. J. Petley, Department of 
Engineering, University of Warwick, Coventry, England. 

about a quarter of the west face of the clay pit at the Honey 
Lane Brickworks of the Selborne Brick and Tile Company. 

A feasibility study conducted in 1984-1985 showed the ground 
profile of the slope to be composed of about 1.5 m of soli
flucted slightly gravelly clay over 6 m of slightly weathered 
gault clay. Unweathered gault clay made up the lowest 1 to 
2 m and extended at least another 5 m below the pit-base 
level, where a 1- to 2-m thick basal layer separated it from a 
thin transition layer to the lower greensand. This ground pro
file sequence has been confirmed by further exploratory bor
ings, which were conducted as part of the present study. 

GEOTECHNICAL DATA 

Laboratory tests on 75-mm-dia. triaxial and 60-mm shearbox 
specimens gave the effective stress shear strength parameters 
samples obtained by HWF rotary coring, as shown in Table 
1 (1). 

The preexisting groundwater regime, established from pro
longed standpipe observations during the feasibility study, can 
be characterized as being underdrained to the lower green
sand with a downward hydraulic gradient of about 0. 75 and 
a pore pressure of 0 at ground level. 

GENERAL DESCRIPTION AND RATIONALE 

The instrumentation design evolved in response to the three 
main objectives of the experiment: 

1. It should provide a very detailed record of the condition 
of the slope at all stages of the experiment. 

2. It should give useful information on prefailure strains 
and displacements as part of a study of progressive failure. 

3. The system should contain sufficient redundancy and 
duplication to produce results up to, and if possible beyond, 
the final failure event, even with a high level of component 
failure. 

The instrument layout plan shown in Figure 2 was devel
oped in response to these requirements. 

The study area is 25 m wide and the cut slope is 9 m high. 
The instrumented area extends for 18 m back from the crest 
of the slope and 6 m beyond the toe. The resulting 1,050 m2 

of plan area contains: 

• 30 pneumatic piezometers, 
• 30 vibrating wire piezometers, 
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• 12 inclinometer access tubes, 
• 2 in-place inclinometer strings (total 20 monitoring 

elements), 
• 10 wire extensometers (on 2 cradles), and 
• 20 recharge wells. 

On the average, the system provides one monitoring instru
ment for each 8.6 m2 of plan area. 

FIGURE 1 Site location. 

This level of instrumentation is not common. The size of most 
natural slides subjected to detailed study generally leads to sparse 
coverage. Devin et al. (2) present a table of inclinometer usage 
at 13 landslide sites. The highest intensity of coverage noted 
was equivalent to 8 access tubes/hectare, or about Y30 the inten
sity at Selborne (without considering the string inclinometers). 
Previous investigations have used special study sites to under
take prolonged monitoring but have rarely been able to instru
ment so intensively. The excellent study at Saxon Pit (3) used 
five piezometers, three magnet extensometers, five manually 
read extensometers, and three deep leveling points. Surface 
movement points and photogrammetry completed the coverage 
on a 200-m-long study face. 

TABLE 1 EFFECTIVE STRESS SHEAR STRENGTH 
PARAMETERS 

Soil type 

Soliflucted Layer 

Upper Weathered Gault 

Lower Weathered Gault 

Unweathered Gault 

c'peak 

kN/m2 

10 

15 

20-25 

¢'peak ¢'residual 

(c',=O) 

20° 13° 

22-24° 130 

22-25° 14° 

23-26° 15° 

Perhaps the most intensive instrumentation use in Geo
technical Engineering is associated with earthfill dams. The 
instrumentation used to monitor displacement of the Kielder 
Dam is described by Millmore and McNicol (4). The 1140-
m-long, 52-m-high embankment contained 11 inclinometers, 
29 extensometers, 62 settlement devices, and used 185 pi
ezometers of various types. On a surface area basis this repre
sents about Y100 the Selborne intensity. 

The decision to install the large number of piezometers was 
a direct consequence of the proposed recharge method of 
inducing failure and would produce an entirely new pore
pressure regime requiring precise definition. 

The inclinometer coverage was designed to give detailed 
displacement readings throughout the body of the slope and 
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through the entire prefailure period . A standard manually 
read inclinometer probe was used to monitor displacements 
in 12 access tubes, which gave good spatial coverage. The 
string inclinometers were intended to give continuously logged 
movement-depth profiles at two key locations. 

Rates of movement and strains within the slip mass were 
also of interest, and it was decided that useful information 
could be obtained using continuously logged surface-mounted 
wire extensometers. 

The vibrating wire piezometers, string inclinometers, and 
wire extensometers were all continuously logged. Great care 
was taken in designing a system that had considerable flexi
bility in reading procedures. It was essential that readings 
could be taken even if some component of the data logging 
system were to fail during a critical period. Alarm systems 
were required to warn on- and off-site researchers of the 
possibility of impending failure. 

The whole instrumentation system was designed with strict 
cost constraints. The overall study had a maximum possible 
funding limit of £200,000, and after all other costs were deter
mined the amount available for instrumentation was less than 
£80,000. Both the total number of instruments and the balance 
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of the complete installation were primarily determined by the 
stringent requirement that this overall figure (in 1987 prices) 
could not be exceeded. 

PIEZOMETERS 

Two types of piezometer were used to give the maximum cov
erage of pore-pressure measurement and recharge control within 
the established cost limits . A cross section showing the arrange
ment of the piezometer installations is shown in Figure 3a. 

The 30 vibrating wire piezometers were concentrated in the 
zone below the slope face and the front part of the crest . This 
distribution was designed to cover the range of expected posi
tions of the eventual failure surface. Vibrating wire piezome
ters can be continuously monitored electronically. In this case 
they were intended to provide frequent pore-pressure read
ings in the critical zone up to and during the failure event. It 
was also hoped that the piezometers above the eventual failure 
surface would continue to monitor postfailure pore-pressures. 

The 30 pneumatic piezometers were installed in the areas 
at the toe . They were farther back from the crest and at depth, 

0 VIBRATING WIRE PIEZOMETERS 

0 PNEUMATIC PIEZOMETERS 

0 

0 0 
0 

0 0 0 
0 0 0 0 0 

0 

INCLINOMETER STRING 

.--RECHARGE ZONE 

FIGURE 3 Instrument layout sections: a, piezometers; 
b, inclinometers; c, extensometers; d, recharge system. 
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areas where it was thought the failure would be less critical. 
Their main purposes were to extend the area over which pore 
pressure information would be available and to set the detail 
from the vibrating wire instruments in a wider framework. 
Although this type of piezometer cannot be read electroni
cally, it does have a considerable cost advantage over the 
vibrating wire type (in this case approximately a fifth the cost). 
By using this cheaper system in areas thought to be less impor
tant, a considerable cost saving was produced, and money 
could then be diverted to ensure that critical areas were well 
served with continuously logged instruments. 

The two systems were overlapped at the toe and at the crest 
to enable their outputs to be cross-checked and if necessary 
cross-calibrated. The filter dimensions and grouting up 
arrangements were the same for both systems. In all cases a 
200-mm filter length was formed at the base of the installation 
borehole. The filter was sealed above with bentonite pellets 
and the hole filled to ground level with bentonite-cement 
grout. The short filter length was chosen to give a precise 
location for the measured pore pressure. 

The pneumatic piezometer layout in the toe area was also 
intended to model a typical low-cost monitoring arrangement. 
It was suggested in preplanning discussions that the onset of 
instability in this passive zone might be preceded by noticeable 
changes in pore pressure. Pneumatic piezometers represented 
a low-cost means of monitoring these changes. 

INCLINOMETERS 

As with the piezometers, two different types of instruments 
were chosen to give a balance between detail and cost. The 
positions of the inclinometer installations are shown in cross 
section in Figure 3b. Twelve standard plastic inclinometer 
access tubes were installed to give broad, manually obtained 
coverage of lateral displacements. The main functions of this 
part of the system were to give an indication of the way in 
which the early stages of the failure developed and, by virtue 
of their greater sensitivity, to give an early indication of pos
sible failure. 

Continuous electronic monitoring of displacements within 
the slope was achieved by means of two in-place inclinometer 
string installations, one at the crest of the slope and the other 
at the lower-third position. Both installations were on the 
same near-central cross section of the slope. The string at the 
crest was made up of 12 independent inclinometer sensors on 
1-m gauge lengths between 1and13 m deep, with each sensor 
being separately and continuously monitored. The lower string 
comprised 8 similarly arranged sensors between ground level 
and 8-m deep. The string inclinometers were the most expen
sive single items in the system but fulfilled three important 
functions: 

1. Continuous monitoring of displacements within the slope. 
The shortest possible reading cycle for the manually read 
inclinometers could yield only two or three complete sets of 
readings per week, if other systems were not to be neglected. 
This would be insufficient to yield useful information on actual 
variations in rates of movement. 

2. Taking of continued readings through the failure event. 
Manually read inclinometers require access at ground level 
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and it was not intended to allow personnel on the slope if 
rapid failure was indicated. Conventional access tubes, at quite 
modest distortions, do not allow free passage of the reading 
torpedo. The string inclinometers overcome both of these 
shortcomings because they are remotely monitored and because 
they continue to function at much greater distortions. 

3. Automatic alarm triggering. By providing continuous 
monitoring of displacements the string inclinometers allowed 
the provision of an automatic alarm system, which warned of 
any sudden increase in the rate of displacement on the slope. 

WIRE EXTENSOMETERS 

Surface strains on the slipping mass and larger relative move
ments between the slip mass and the adjacent ground were 
monitored by 10 wire extensometers, arranged in two groups 
of 5. Each group was based on a datum frame, anchored at 
the crest of the slope with four minipiles. Each datum frame 
carried five gearboxes, and each gearbox was driven by a 
sprocket carrying a chain connected to the free end of the 
invar extensometer wire. The positions of the datum frames 
and wire anchorage points are shown in Figure 3c. Relative 
movements of the anchor points and the datum frame are 
thus converted into rotations that are detected and measured 
within the gearboxes, which also contain the signal condi
tioning circuitry. By selecting the gearing at the datum frame, 
it was possible to fix the required range and sensitivity of each 
extensometer. In the event all the extensometers, irrespective 
of range, were found to give output to a precision of 1 mm, 
which was thought to be the maximum achievable stability of 
the cradle/wire/anchor system. 

The wire extensometers were continuously monitored elec
tronically and were incorporated into the automatic alarm 
system. It was intended that they would provide a continuous 
record of the amounts and rates of slip-mass movement 
throughout the final failure event and yield peak velocity 
components of the slip mass. 

RECHARGE WELLS 

The recharge wells comprise simple standpipes in long filter 
zones. The extent of the zones for each row of wells is shown 
in Figure 3d. 

The recharge-well tubes were also to serve a secondary 
function as simple slip surface position indicators. However, 
as it became necessary to provide a closed, surcharged recharge 
system the slip indicator function had to be abandoned. 

INSTALLATION 

The instruments were installed in August-September 1987. 
Each subsurface instrument was placed in its own 150-mm
diameter hole, which was drilled by means of a continuous
flight auger technique that gave precise control over drilling 
depth. Instruments under the slope face were installed from 
temporary benches cut as part of the formation of the eventual 
slope. Drilling was therefore synchronous with the major 
earthworks. 
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READING SYSTEM 

The reading system used at Selborne was of particular interest 
in two respects. First, a comparatively high proportion of 
instruments were connected to the continuous monitoring sys
tem and the inclusion of inclinometer and wire extensometer 
output in the data logging system is unusual. Second, the fail
safes incorporated into the system are considered to be un
usually thorough. It must be appreciated that in this appli
cation the function of the instrumentation was not just to warn 
of possible failure, nor simply to monitor the compliance of 
an as-built structure with design assumptions. The system had 
to record all of the details of a major one-off event, which 
could not be predicted in time or position to an accuracy that 
would permit reliable preprogramming. 

The electronic reading system comprised two parallel sub
systems. Each subsystem carried half of the vibrating wire 
output and half of the analog output from the string incli
nometers and wire extensometers. Each subsystem was made 
up of the following: 

• All the instruments were connected to a switch card
multiplexor, which handled all of the electronic switching dur
ing scanning and also incorporated EEPROMs to refine input 
signals and to give fully reduced and corrected output in engi
neering units directly. 

• The switch cards-multiplexors were controlled by pro
grammable data Joggers, with each containing approximately 
170 kb of internal memory (enough for about 86,000 read
ings) . In normal operation either the data loggers could output 
continuously to printers and personal computers, or the read
ings could be extracted and transferred using independent 
interrogators. The latter was the preferred mode of operation 
onsite. 

The data loggers could be programmed to a variety of log
ging strategies. Scan rates and intervals, for instance, could 
be varied according to the rate of change being recorded in 
any reading. More routinely, a threshold mode could be used 
where readings are taken at a scan rate of 1 set/min. but only 
recorded if different from the previously stored value by a 
preset threshold amount . The program also allowed the use 
of alarm levels as described in the next section. 

Considerable attention was given to designing in alternative 
reading paths to cover any component failure. The first safe
guard was the cross division between the two data loggers. 
The failure of one data Jogger would still leave half of the 
instruments of each type on-line. The following reading hier
archy was established: 

1. Normal operation with automatic output to printers and 
automatic or interrogator transfer to floppy disk storage. 

2. In the event of a computer failure, output would still be 
recorded on the printers and held in the internal memory to 
be accessed later. 

3. In the event of failure of the data Jogger, the switch 
cards-multiplexors could still be accessed directly by manual 
readout units, each with internal memory sufficient to store 
500 readings. This system required that a plug-in connection 
be made in the instrument house. As circumstances might 
have led to this house being positioned within the failure zone, 
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special long fly leads were ordered to enable the manual read
out units to be operated at a safe distance. They did not prove 
to be necessary. 

4. In the extremely unlikely event of a switch card
multiplexor failing at a critical moment, the manual readout 
units could be connected directly to signal cable ends, but this 
would depend on the rate and position of failure and the 
degree of risk involved. Fortunately this option did not have 
to be attempted. 

ALARM SYSTEMS 

Special facilities incorporated within the programmable data 
loggers allowed different levels of alarm event to be recog
nized and acted on . Alarm levels were to be set at absolute 
values, fixed and modified for each instrument. 

Approximately half of the instruments were programmed 
to trigger a first-level alarm in the instrument house and the 
remainder were set at a much higher level (selected as a 
possible indicator of incipient failure). If this level were reached, 
a set of contacts would close to activate an auto-dialer, which 
in turn would send a prerecorded message to key telephone 
numbers. On-site audible alarms and floodlighting were also 
to be triggered at this higher level. 

PERFORMANCE 

The performance of the complete instrumentation system was 
most satisfactory in that the failure event was recorded in the 
full level of detail hoped for and expected. In some respects, 
such as durability and displacement compliance, the perfor
mance was generally well above expectations. Many points 
of interest concerning the performance are still coming to light 
as the data produced are analysed. Among the observations 
to date, the following are highlighted: 

1. Of the 89 independent instruments employed, 86 were 
still operative at the onset of failure, a reliability for the 2-
year on-site period of 98.9 percent a year. One of the three 
lost instruments was damaged by site operations and the other 
two were either transducer or connection failures. Although 
still operative, the pneumatic piezometers recording negative 
pressures had become very difficult to keep on-line and were 
disrupted very early in the development of the failure. This 
very high retention rate was mainly due to two factors. First, 
this dedicated research site could be carefully managed and 
suffered none of the damaging interference often experienced 
when instrumenting working construction sites. The nature 
of the site, with fewer commercial pressures, also permitted 
very careful and high-quality initial installation. Second, the 
site itself was on remote private land and well protected from 
vandalism by the reputation of the site owner. 

2. Three piezometers recovered during postfailure exca
vations were returned to the manufacturers (Geotechnical 
Instruments, Ltd.) for recalibration. The calibration results 
are presented in Table 2; they show remarkable stability over 
a 22-month period of burial. The units of pressure reported 
by the manufacturers are also retained for clarity. 
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TABLE 2 POSTFAILURE 
PIEZOMETER CALIBRATIONS 
AFTER 22 MONTHS OF BURIAL 

Instrument Applied Readout 
Type, Number Pressure 

psi psi 

Pneumatic, a.a a.a 
PPl.3 a.3 a.3 

1.a 1.a 

15.l 15.2 
35.a 35.3 
5a.a 5a.a 

Vibrating Wire, a.a a.a 
SIN a34 Ia.a 10.a 

20.a 2a.a2 

3a.a 3a.10 
4a.a 4a.26 
5a.a 5a.34 

Vibrating Wire, a.a a.a 
SIN a10 Ia.a 10.al 

2a.a 2a.a6 
3a.a 3a.14 
4a.a 4a.19 
5a.a 5a.25 

3. Initial piezometer equalization times were between 1 
and 3 months. This order of magnitude is longer than would 
be predicted by using the simple theory for pore-pressure 
equalization following stress disturbance around a driven pile 
(5). Soderberg's analysis, admitted to becoming inaccurate at 
high degrees of equalization, would predict 95 percent pore
pressure equalization of between 30.r2/Ch and 60.r2/C11 • 

Falling-head permeability tests carried out in standpipes dur
ing the feasibility study had given (horizontal?) permeabilities 
near 10- 9 m/sec, suggesting a Ch value of about 0.04 m2/day. 
The predicted 95 percent equalization time would therefore 
be 8 days. The true equalization rates are clearly shown in 
Figure 4, where the stabilization of a newly installed piezome
ter is compared with readings of an adjacent instrument that 
had been in place for 1 year. The slow equalization, though 
of wider interest, was not of significance for the project because 
all the piezometers were in place well before the final critical 
phase. 

4. System response times were not considered to be a 
problem. Both types of piezometer contained a small-volume 
closed cavity that gave very low system compressibility, typ
ically less than 10- 3 cm3/F.S.D. for the vibrating wire instru
ments. It has long been accepted that such installations will 
have response times on the order of a few seconds (6, 7). The 
response behavior, related to known driving events , is shown 
in Figure 5. 

5. Groups of piezometers were consistent within them
selves in the pattern of their response. Figure 6 shows the 
response records of three piezometers at the same level, but 
at different distances from the recharge wells. 

6. Negative pore pressures were recorded at the toe of 
the slope. These were probably the result of the stress reduc
tion caused by substantial excavations in this area. This effect 
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is described by Bishop and Bjerrum, (8) and has subsequently 
been confirmed by a number of field studies (9). The pneu
matic piezometers are not well suited to measuring negative 
pore pressures in low-permeability soils, and special proce
dures were devised that will be described in detail elsewhere. 

7. The inclinometer records faithfully recorded the posi
tion of the slip surface as it was eventually exposed during 
the postfailure excavations. The interpolated shape of this 
surface at the center of the study area is shown on Figure 7. 

8. The inclinometer torpedo calibration remained con
stant, although some maintenance of wheel bearings was nec
essary. Had a longer monitoring period been required, 
replacement of the running wheels would have been essential. 
By the end of the project, the torpedo had been used for 
readings equivalent to 17 km of travel. 

The stability of the calibration was confirmed by observa
tions of deflections over the very long fixed lengths below the 
movement zone, as well as the usual wall-mounted calibration 
frame . In all access tube inclinometers, the recorded cumu
lative deflection over the fixed length (up to 8-m long) was 
less than 2 mm over a period of more than 500 days, as shown 
in Figure 8. 

9. Three inclinometer access tubes were carefully exposed 
during postfailure excavations. In each case, the deformed 
profile of the tube was aligned very closely along the exposed 
failure surface and had been pulled down out of its grout 
surround within the moving mass and laid flat along the failure 
surface. Figure 9 shows the relative positions of the distorted 
tube, slip plane , and empty grout column for an access tube 
that underwent about 4 m of relative displacement. 

10. The string inclinometers and wire extensometers per
formed their special functions very well. Both types of instru
ment provided continuous displacement-time plots of a type 
that could not have been obtained with manually read instru
ments, and both continued to function at very large displace
ments. Wire extensometers continuously recorded relative 
movements up to 150 mm at 1-min intervals over 3 hr, and 
the string inclinometers were still functioning with angular 
distortions between successive 1-m g<iuge lengths of up to 42 
degrees. A 0.5-m torpedo passed through a maximum angular 
distortion of 35 degrees, but it did so at great risk to the 
instrument . At greater distortion, the lower part of the access 
tube became inaccessible, whereas the lower parts of the inch-
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nometer strings remained operative even after large distor
tions had developed higher up. 

11. During the slope failure, the behavior of the connec
tions to the pneumatic piezometers was very different from 
that of the vibrating wire connections. The very extensible 
tubing of the pneumatic instruments deformed and easily 
stretched to accommodate some very large movements. The 
vibrating wire signal leads were much Jess compliant, and 
many snapped very early in the failure event. 

12. The full hierarchy of reading options was not required, 
although it was proved in practice routines. 

13. The reading strategy adopted was the threshold change 
approach, which scans at 1-min intervals; values are only rec
orded if one of the readings is significantly altered. Instrument 
flutter frequently exceeded the very tight threshold limits that 
were set and about 60 percent of the scans resulted in recorded 
readings. By excluding the less-stable instruments or setting 
wider threshold tolerances, this percentage could have been 
greatly reduced. 

• 



86 

14. The first alarm level triggered very quickly as the failure 
developed, and the majority of failure data was obtained from 
the simple 1-min interval reading strategy on all channels. 
The enormous quantity of data generated has caused some 
problems in subsequent data processing. This is acceptable in 
a research application for which detail and duplication are 
paramount in the design philosophy, but it would cause prob
lems in the more usual monitoring applications for which delay 
in accessing data cannot be countenanced. 

CONCLUSION 

The instrumentation systems used for the Selborne cutting 
stability experiment performed well and have provided a 
detailed record of a unique experiment. The few shortcomings 
identified during the data processing are associated more with 
site pressures and manpower shortages (giving less than planned 
for reading frequencies on some instruments at some times) 
and financial constraints (a third string inclinometer would 
have been extremely useful) than with inadequate instrument 
performance. There is little doubt that instrument systems 
exist to cover all site-monitoring requirements for an exercise 
such as the Selborne experiment. The main difficulties to be 
overcome are in planning a successful layout for the instru
ments, in planning an efficient and workable reading schedule 
in which manual reading is employed, and in planning a data 
access system that allows rapid, user-friendly access to elec
tronically logged data. 
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Landslide Cases in the Great Lakes: 
Issues and Approaches 

TUNCER B. EDIL 

A review of the experience gained over a decade of studying the 
mechanics of coastal bluff erosion and stability along the Great 
Lakes shorelines and the approaches to dealing with this problem 
are presented. Shore recession affects planning, design, and 
maintenance of transportation facilities in coastal areas in a 
significant way. The erosional processes resulting in significant 
mass wasting include wave erosion, solifluction, rain impact and 
rill-sheet erosion, wind erosion, sapping, and ice erosion. Another 
important process is mass sliding and slumping of bluff materials 
in response to and in conjunction with the erosional processes . 
The methods of approach to this problem are grouped as structural 
(stabilization) and nonstructural (planning and management) 
solutions. These approaches and the required information to 
implement either of them are discussed. Because of the length 
of the slopes and the variable nature of geology and soil properties, 
a probabilistic approach to stability analysis has been adopted for 
planning and managing the stabilization efforts. Two specific cases, 
one in an undeveloped segment and another in an urban segment 
of the shoreline, are presented to demonstrate the stabilization 
approach. 

This paper presents a review of the experience the author has 
gained over a decade of studying the mechanics of coastal 
bluff erosion and stability along the Great Lakes shorelines. 
Nearly 65 percent (10 444 km) of the 16 047-km-long Great 
Lakes shoreline is designated as having significant erosion; 
about 5.4 percent (860 km) of it is critical. The total damage 
to the U.S. shoreline of the Great Lakes due to wave action 
during the high-lake-level period, May 1951 through April 
1952, is placed at about $50,000,000 (1952 price level). Nearly 
32 percent of the U.S. shoreline of the Great Lakes, not 
including the islands, consists of erodible bluffs. Extensive
ness of the shoreline formed in erodible bluffs and dunes (an 
often complex response of this type of shoreline) to wave 
erosion makes slope processes an important part of the shore 
recession problem. The shore recession, in turn, affects the 
planning, design, and maintenance of transportation facilities 
in coastal areas in a significant way. The coastal bluff proc
esses are briefly described, and the methods of approach to 
this problem are presented along with two specific cases. 

SLOPE PROCESSES 

The interaction of driving forces (gravity and climate) and 
soil shear resistance results in a number of processes that lead 
to debris production and removal. The commonly encoun
tered processes in the Great Lakes coastal bluffs can be sep-

CERMES, Ecole Nationale des Ponts et Chausees, 93167 Noisy-le
Grand Cedex, France. Current affiliation: Department of Civil Engi
neering, University of Wisconsin, Madison, Wis. 53708. 

arated into two broad groups, mass and particle movements. 
In the mass group, debris begins to move as a coherent unit 
(rigid body movement or viscous flow). Movements in which 
particles move individually, with little or no relation to their 
neighbors, are particle movements. The erosional processes 
caused by waves, currents, rain, groundwater, and winds seem 
to be mainly particle movements. These concepts are pres
ented in Figure 1. 

Wave Erosion 

Probably the most significant geomorphic process along the 
Great Lakes shoreline is the erosion and removal of shoreline 
materials by waves. Wave action is important, both in itself 
and in initiating and perpetuating other geomorphic processes 
in segments of the shoreline where bluffs are encountered. 
The most notable factor that affects the wave erosion in the 
Great Lakes is water-level fluctuation. For the long-term water 
level changes, the intervals vary from 10 to 30 years and the 
magnitudes are up to 2 m. 

Sliding and Slumping 

Slides (both rotational and translational) and flows (including 
solifluction) are the two types of movements most commonly 
encountered in the Great Lakes region. Coastal bluffs are in 
constant evolution because of the combined effects of toe 
erosion, slides, and face degradation. 

Edi! and Vallejo (1) described bluff stability at two sites on 
the shore of Lake Michigan. Where unexpected stability 
occurred, it could be explained in a rational manner by the 
process of delayed failure that results from the unloading of 
clays by erosion. Barring the presence of gross inhomogene
ities, rotational slides involving approximately circular rup
ture surfaces have been observed and analyzed in the Great 
Lakes bluffs formed in cohesive soils (1-3). Deep-seated rota
tional slips occur in clay soils but are not observed in sands. 
One method of analysis of rotational slides that is accurate 
for most purposes is that advanced by Bishop ( 4). The failure 
arc predicted by the Bishop method has been found to com
pare very well with the actual failure surfaces in bluffs in the 
Great Lakes and other places. Using the effective stress 
approach and the Bishop method, Vallejo and Edi! (5) devel
oped stability charts for rapid evaluation of the state of sta
bility of actively evolving Great Lakes coastal slopes. These 
charts indicate the stability status as well as the type of poten
tial failure, whether deep or shallow, to which the bluffs may 
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FIGURE 1 Forces, resistances, and slope processes in Great Lakes. 

be subjected. The geometric changes can be discerned from 
the stability charts. 

A translational slide in which the moving mass consists of 
a single unit that is not greatly deformed, or a few closely 
related units, may be called a block slide. An example of such 
a failure involving a block of fractured till in the upper part 
of a coastal bluff in Milwaukee County, Wisconsin, was reported 
by Sterrett and Edi! (6). Translational slips can also occur in 
a homogeneous soil mass. In particular, granular materials 
such as sand and gravel fail in surface raveling and shallow 
slides with the failure surface parallel to the slope surface. 
Similar failures occur in a mantle of weathered or colluvial 
(granulated) material from clay slopes and are referred to as 
slab slides. An infinite slope analysis is often representative 
of such failures. Sterrett (7) reported slab slides with a depth 
of about 6.0 m from Milwaukee County. This depth coincided 
closely with the depth of desiccation cracking and soil struc
ture change from fine to prismatic beds to massive intact 
blocks. Sterrett (7) also observed that frozen slabs of soil 
measuring 0.6 m x 10 m x 13 m failed in early spring, and 
attributed this failure to differential melting of the bluff face. 

Flows and Solifluction 

Flows commonly result from unusually heavy precipitation, 
thaw of snow, or frozen soil. The flows observed in the Great 
Lakes bluffs take place mostly in spring and result primarily 
from ground thawing and snow and ice melting. Therefore, 
they can be classified largely as solifluction. Solifluction is the 
downslope movement of water-saturated materials that fol
lows thawing in previously frozen slopes. Vegetation appears 
to be the most restraining factor for solifluction. The size of 
the flows along the western Lake Michigan shoreline varies 
from 0.3 to 0.6 m wide up to 15 to 20 m wide and 21 m long. 
A number of approaches for the analysis of solifluction fail
ures have been suggested. Vallejo (8) introduced a new 
approach to the analysis of solifluction that reflects the par
ticulate structure of the flowing mass. Vallejo and Edi! (9) 
applied this analysis, with successful field verification, to a 
coastal bluff in Kewaukee, Wisconsin. The critical depth of 

thaw normal to the slop face at which failure occurred was 
measured to be 0.25 m. 

Rain Impact, Rill and Sheet Erosion, Sapping, 
Wind, and Ice Erosion 

These processes are also important in general mass wasting 
that occurs in the exposed coastal slopes of the Great Lakes. 
In slopes formed in granular material, these processes are 
dominant. A description of these processes given by Sterrett 
(7) determined on the basis of field observations that most of 
the material removed from the slopes during summer is by 
way of sheet-wash and rill erosion. Sterrett (7) found that the 
universal soil-loss equation, in its modified form as suggested 
by Foster and Wischmeier (10), is useful in predicting soil 
loss from steep slopes. 

STRATEGIES FOR DEALING WITH 
ACTIVELY EVOLVING SLOPES 

The most significant characteristic of the coastal slopes in 
many areas of the Great Lakes shoreline is the fact that they 
are actively evolving natural slopes-the slope geometry con
tinually changes. This characteristic sets these slopes apart 
from other natural slopes in terms of stabilization approaches. 
There are basically two approaches to the problem of actively 
evolving coastal slopes. The first approach involves structural 
or stabilization solutions on a site-specific basis. The structural 
approach, with some additional considerations, is similar to 
other natural slope stabilization efforts. A proper stabilization 
program should include (a) protection against wave action in 
all cases, (b) slope stabilization against deep slips if needed 
(important in the delayed instability often observed in bluffs 
formed in stiff clay soils), and (c) stabilization against face 
degradation and shallow slips. Shore protection is a major 
component and may be more costly than the slope stabili
zation. The problems associated with the execution of this 
category of solutions are of two types: (a) many attempts are 
not engineered and fail to cope with the problems, and (b) 
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those engineered solutions often neglect to consider all aspects 
of the problem as described. For stabilization works, site
specific studies are undertaken at numerous locations. In these 
studies, an attempt is made to identify and understand slope
stability problems at a single site over a relatively short period 
of time. 

The second approach, the nonstructural planning and man
agement approach, is particularly suitable in undeveloped 
tablelands where hazard mitigation to transportation facilities 
can be planned and managed over an extensive part of the 
shoreline (the size of a county or at least several kilometers 
are usually considered). These studies are usually aimed at 
minimizing future losses. In this case the need for understand
ing bluff processes is critical because predictions of future 
recession over a long period of time with changing water-level 
and climate conditions are necessary. This approach neces
sitates models of bluff evolution (1,11). The main problem 
concerning prediction of slope evolution is understanding the 
response times to environmental changes and the time nec
essary for bluffs to pass through an evolutionary sequence. 
Evidence from other areas with evolving slopes such as river
banks and marine coasts as well as from the Great Lakes 
suggests that there are possibly three time scales over which 
the natural cycles of evolution take place: 2 to 3 years, 50 to 
100 years, and thousands of years. 

The main tool used in the nonstructural or management 
approach is the establishment of a setback requirement for 
new transportation facility development. This requires a 
knowledge of coastal recession over a long time-say, 30 to 
50 years-and the determination of stable slope angles. Typ
ically, historical aerial photographs are used to establish the 
recession rates and geological and geotechnical analyses are 
used to determine the stable slope angles. Research conducted 
primarily during the last decade or two has identified the 
operating processes and their possible magnitudes (12). A 
nonstructural setback distance can be estimated as shown in 
Figure 2 (13) . Setback distance consists of two components. 
Erosion risk distance is the distance from the existing bluff 
edge that could be affected by recession of the bluff over time 

50-YEAR BLUFF 
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SETBACK DISTANCE - NONSTRUCTURAL EROSION 

MINIMUM ''-.._ 
FACILITY ....__ 
SETBACK 
DISTANCE 

RISK DISTANCE 

EXISTING BLUFF EDGE 

BLUFF HEIGHT 

FIGURE 2 Procedure for estimating nonstructural setback 
distances (13). 
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and by the regrading of the bluff to a stable slope angle. 
Minimum facility setback distance is considered to be an addi
tional safety zone intended to prevent facilities from being 
placed too close to the bluff edge . The solution strategies for 
active coastal slopes are given in Table 1. 

TWO CASE HISTORIES 

In this section slope conditions and stabilization strategies at 
two specific sites along the southwestern Lake Superior and the 
western Lake Michigan shorelines are presented, respectively. 

Madigan Beach-Lake Superior 

The bluffs of this site are reached by a 4-km secondary road 
that is directed northeastward of U.S. State Highway 2, 
approximately 25 km east of Ashland, Wisconsin. The site is 
located 610 m west of the mouth of Morrison Creek in the 
Bad River Indian Reservation. This site provides an example 
of a situation in which the main highway is quite far from the 
shore for immediate threat and the upland is undeveloped. 
The shoreline profile at the Madigan Beach site consists of 
bluffs rising 18 m above the beach and maintaining temporary 
steep inclinations in excess of 40 degrees with the horizontal. 
The processes of undercutting and slumping are evident and 
the bluff faces are mostly exposed because there are no veg
etation and trees, which are dominant in the upland . Geo
logically, northwestern Wisconsin, where Madigan Beach slopes 
are, is a glaciated area. 

The borings and observations of the materials exposed on 
the bluff face indicated the presence of a 4.5- to 6-m-thick 
reddish-brown stiff, silty, clay layer of low plasticity on the 
top, underlain by a thick (more than 12 m), very dense, brown 
sandy silt or silty sand . The geotechnical properties of the 
bluff materials are presented in Table 2. This highly erodible 
(cohesionless) sandy silt makes up most of the bluff material 
and is underlain by a reddish brown, rather stiff clay layer of 
high plasticity, mostly below the lake level. A mineralogical 
analysis of this lower clay layer revealed the presence of quartz, 
illite, kaolinite, and a small quantity of montmorillonite . The 
difference in the plasticities of the upper and lower clay layers 
appears to stem primarily from the difference in their clay 
fractions (26 and 63 percent, respectively) rather than from 
a mineralogical difference. 

Madigan Beach appears to be subject to severe climato
logical forces and this, coupled with the erodible (cohesion
less) materials forming the bulk of the bluffs, results in a highly 
active environment for slope evolution. Photoreconnaissance 
surveys conducted periodically since 1974 have revealed the 
action of bluff face degradational processes such as sheet wash, 
solifluction, seepage effects, and also the dominant action of 
waves. The sandy silt material of the bluffs, while highly ero
dible under surface processes, is strong below the surface 
when it is confined (the effective angle of internal friction is 
37 degrees). This makes the bluffs highly stable against imme
diate rotational slips, and they sustain fairly steep inclinations, 
in excess of 40 degrees, in many parts of the shoreline. This 
situation is helped by the presence of clay layers some 6 m 
thick that cap the top of the bluffs. 
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TABLE 1 SUMMARY OF STRATEGIES FOR COASTAL 
BLUFF RECESSION 

PROCESSES SOLUTIONS 

STRUCTURAL (STABILIZATION): NONSTRUCTURAL(MANAGEMENn: 
DESIGN PREDICTION 

TOE EROSION SHORE PROTECTION (groins, SHORE RECESSION RATE (long-
seawalls, etc.) term, cyclic) 

DEEP ROTATIONAL SLIPS SLOPE STABILIZATION (regrading, STABLE SLOPE ANGLE AGAINST 
dewalering, etc.) DEEP SLIPS 

FACE DEGRADATION AND SURFACE PROTECTION (vegetalion, ULTIMATE ANGLE OF STABILITY 
SHALLOW SLIPS drainage) 

TABLE 2 GEOTECHNICAL PROPERTIES OF SOIL SAMPLES FROM MADIGAN BEACH BOREHOLES 
Tex1ure'" Liquid Plasticity Water Unit Average+ Angle++ Cohesion++ 

Soil Descriplion and Deplh Group Limit% Index Contenl Weigh I N ol Intercept C 
Symbol• %Sand %Silt %Clay % (kN/rn3) Internal (kPa) 

friction • 
Reddish brown, slit! silty clay 
al low plasticity (Upper clay, CL 10 64 26 31 14 18 21.4 18 19° BO 
0-6r:nl 
Brown, very dense sandy silt 

ML or SM 7-18 78-90 3-4 -- -- 18 19.9 >100 37° 0 or siltv sand 16-16ml 
Reddish brown, rather slilf clay 

CH 11 26 63 51 31 31 19.2 14 21° 0 of high plasticity (Lower clay 
16m) 

• According lo the Unified Soil Classtticalion (ASTM Designation: D 2487-69 and D 2488-69). 

••4.76 mm> Sand> 0.074 mm; 0.074 mm> Sih > 0.002 mm; 0.002 mm> Clay 

+Standard Penelralion Resistance, N(ASTM Designation: D 1586-67). 

++Drained Shear Strength Paramelers. 

To monitor the changes in slope morphology, a number of 
cross sections (perpendicular to the shoreline) have been 
periodically surveyed. The changes in most of the cross sec
tions were indicative of face degradational processes without 
any deep rotational slips. The bluff top recession, measured 
using 1976 and 1978 aerial photographs, indicated a variation 
of recession on the order of 3 to 11 m during this period. In 
1977, a shore protection demonstration project was initiated, 
which involved the placement of longard tubes filled with sand 
in different configurations (14) along the beach, as shown in 
Figure 3. Longard tubes are constructed of a geotextile, and 

0 

SCALE IN METERS 

they come in various sizes. Those used at Madigan Beach 
were 1. 75 m in dia and weighed about 4500 kg/m once they 
were hydraulically filled with sand . Four of the tubes were 
placed at the toe of the bluff parallel to the shoreline acting 
as a seawall and six 33-m-long tubes were placed perpendic
ular to the shoreline to act as groins. The recession rates 
measured in the field, as well as discerned from aerial pho
tographs, indicated a significant reduction in the recession 
from the 1976-1977 values. It should be noted, however, that 
one of the sections experienced a large recession of 2.9 m 
during this period because of a deep slip. 

MADIGAN BEACH 
ASHLAND COUNTY, WIS. 

FIGURE 3 Longard tube layout and bluff conditions at 
Madigan Beach (number circled indicates tube location). 



Edi/ 

The stability of the bluffs was analyzed using the Bishop 
method in a conventional manner. The method used the effec
tive stress analysis of slope stability, the drained strength 
parameters of the bluff materials, and the measured pore
water pressures as estimated from the piezometer readings. 
The stability analyses performed on the initially measured 
profiles of Cross-sections 1, 2, and 3 (Figure 3) resulted in 
safety factors of 1.36, 1.16, and 1.30, respectively, which indi
cated the general stability this segment of the site had against 
sliding. When surveyed in 1976, Cross-section 2 had already 
gone through a deep-seated major slide involving a 3.4-m drop 
of an 8.8m-wide section at the top. The initially surveyed 
profile of Cross-section 4 resulted in safety factors less than 
unity and were therefore unstable. A safety factor of less than 
unity implies potential instability (long-term) for a currently 
standing slope because the analysis performed is an effective 
stress (long-term stability) analysis, and it may also imply that 
some of the assumptions, such as zero pore pressure above 
the groundwater table, are too conservative. This bluff main
tained its stability until the latter part of the summer of 1978, 
when slumping occurred, which resulted in the recession of 
the bluff top as marked by the approximate intersection of 
the predicted failure surface. 

Another cross section, Cross-section 5, was also analyzed; 
it was found to have potential for slumping as shown by the 
failure surface in Figure 4. The bluff segment in this area was 
chosen for a slope stabilization demonstration. After consid
ering several alternatives-including terracing, berms, and 
various combinations of these-it was decided to regrade the 
bluff to a uniform slope of about 25 degrees. On the basis of 
a similar analysis, this inclination was determined to be safe. 
The bluff stabilization demonstration included surface water 
diversion in the upland and seeding of the bluff face to prevent 
surface erosion. The project was completed in the fall of 1977. 
The toe of the bluff was protected with a longard tube that 
was placed parallel to the toe and another longard tube placed 
perpendicular to the shoreline (see Figure 3), which effec
tively built up the beach in front of the longard tube acting 
as a seawall. The six longard tubes that were placed as groins 
perpendicular to the shoreline were all destroyed by spring 
1980. The other tubes that were put as seawalls, for the most 
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part, lasted for a while and did provide some degree of pro
tection. In 1984, these tubes were mostly deflated and buried 
in the beach sand, exposing the stabilized bluff section to 
renewed wave attack. 

Whitefish Bay-Lake Michigan 

The top land in the case of these slopes is in a highly developed 
urban setting in a northern suburb of Milwaukee, Wisconsin. 
Within 50 m from the edge of the bluffs are expensive homes, 
behind which a major urban road passes. A 1983 landslide 
threatened six to eight homes when their front yards dropped 
nearly a meter. This coastal area is formed in glacial deposits 
ranging up to 40 m in thickness. The layer nearest to the 
surface is known as the Ozaukee Till, which consists of a silty 
clay with reddish color. The Oak Creek Till lies beneath the 
Ozaukee Till; it is composed of a pebbly silty clay. Lake 
sediments of various textural characteristics are often found 
between these two tills. Directly beneath the Oak Creek Till 
lies another very stiff till known as the New Berlin Till, which 
was deep below the lake level at this location. This till is 
coarse-grained, sandy in texture, and dominated by pebbles 
and cobbles. These formations are often exposed in the active 
slopes along the western shore of Lake Michigan. The stra
tigraphy was identified on the basis of field surveys, historic 
geological records of soil boring data, and new soil borings 
performed at selected sections of the shoreline. 

The geotechnical properties of the glacial materials forming 
the bluffs were obtained from historic data and laboratory 
analysis of the samples collected from the exposed slope sur
face and soil borings. In terms of the known values and stan
dard deviations based on the samples collected from different 
parts of the shoreline, the strength parameters and the unit 
weights of the bluff material are presented in Table 3. 

Along the northern Milwaukee County shoreline, ground
water generally flows toward the lake and is discharged into 
the lake either at or below the base of the bluff. The lake 
sediments consisting of coarse-grained soils may act as water
bearing units. Additionally, a perched water table is usually 
found within the fractured Ozaukee Till at the top of the 
bluffs, which produces seeps on the bluff face. The ground
water elevations used in the slope stability analysis of each 
profile site were based on observed groundwater seepage, soil 
boring data, groundwater observation wells, and electrical 
resistivity analysis. 

The area shoreline studied extending nearly 3.7 km, was 
considered to be a single section with similar physical and 
erosion-related characteristics. Field surveys were conducted 
to delineate the section boundaries and to identify the causes 
and types of beach erosion and slope failure occurring in the 
section. Unlike the earlier case, both conventional determin
istic slope stability analyses and probabilistic soil stability anal
yses were conducted to establish the state of stability of this 
entire section. 

Conventional Analyses 

The worst-case groundwater conditions are assumed in the 
conventional deterministic analyses. Late winter and early 
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TABLE 3 GEOTECHNICAL PROPERTIES OF SOILS 
ENCOUNTERED IN SLOPES ALONG LAKE MICHIGAN'S 
MILWAUKEE COUNTY SHORELINE 

Soll Unit Unit Weight 
(kN/m3) 

IllJs 
New Benin 21 .7 
Oak Creek 21 .2 
Ozaukee 21.1 
Fractured Ozaukee 21.1 

La~a Sadimecls 
Medum Fine Sand 18.9 
Sand and Gravel 18.9 
Sill 20.4 
Silt and Fine Sand 17.3 
Clay and Silt 20.4 
Fine Sand and Silt 19.7 
Gen'! Lake Sediment 19.7 

.Eill 
Concrete Rubble/Soil 20.4 

spring have been found to be the most critical periods for the 
stability of Lake Michigan coastal slopes for both deep-seated 
and shallow slides (5). The slope stability program named 
ST ABL (15) was used to calculate the safety factor for a slope 
profile measured in an adjacent segment of unfailed bluff 
within the study area. The lowest safety factor calculated was 
0.95, and the corresponding failure surface was located in the 
middle portion of the bluff slope. However, a bluff segment 
in the study area had already failed in a rotational slide. The 
safety factor for this failed bluff was calculated to be 1.56 (16) . 

In the deterministic approach, mean values of soil prop
erties based on the available test results in Table 2 were used 
in computing a safety factor against failure, along with the 
geometrical and geological measurements of the slope at the 
specific site. An assessment of the general stability of slopes 
of a shoreline section, based on the deterministic safety factors 
of a number of slope profiles located within the section, could 
conceivably be in error ifthe slope parameters chosen as input 
for the stability program are not reliable. For example, ade
quate information may be available at certain sections because 
of the excellent exposure of slope soil stratigraphy and the 
rather uniform characteristics of the slopes and soils within 
the section. At such locations, adequate information is avail
able for what may be called a reliable analysis. However, for 
many other sections, between borehole locations and poorly 
exposed slope faces because of vegetative cover, soil prop
erties, position of stratigraphic unit interfaces, and ground
water table in the slope have to be interpolated or estimated 
based on an examination of the general slope conditions. In 
view of the variability of soil properties and other slope 
parameters that have to be estimated, the computed safety 
factors would not be as reliable for these profiles as they would 
be for the profiles at the borehole locations and those with 
good exposure. 

Probabilistic Analyses 

The objective of the probabilistic analysis was to verify the 
results obtained from the deterministic slope stability analyses 
and to provide an assessment of overall slope stability within 

Friction • Cohesion• 
Angle Intercept 

(Dearees) Ck Pal 

34 ± 3 0.5 ± 0.25 
30.5 ± 2 5.0 ± 3.75 
30 ± 3 7.5 ± 5.0 
30 ± 3 0 + 3 

33 ±2 0 + 0.25 
33 ±2 0 + 025 
31 ±2 200 ± 50 
31 ± 2 0.5 + 0.5 
27 ± 2 22.5 ± 17.5 
33 ± 2 5.0 ± 3.75 
27 ± 3 5.0 ± 3.75 

35 0 

the entire section, rather than just specific profile sites . The 
probabilistic model used is based on the Monte Carlo method 
(17-19). As much as possible, the uncertainty and variability 
of the basic controlling geological, geotechnical, and environ
mental factors involved must be incorporated into the model. 
The significant variable parameters for this model included soil 
strength parameters, watertable elevation, and soil interface lines. 
Slope geometry for the slope profiles was measured in the field, 
representative of the general morphology of the slopes in the 
section; therefore, it was not considered to be a significant source 
of variability. The [3-distribution was used to generate the vari
able parameter distributions. Mean values and standard devia
tions of the variable parameters and the limits of their variation 
were required to generate [3-distributions of these parameters. 
The spread of these distributions was established on the basis 
of the measured or expected standard deviations of these ran
domly varying properties. By setting limits on the variation of 
the parameter, unreasonable possibilities such as negative cohe
sion are avoided. 

The original ST ABL program was modified to permit the 
input of random variables (19). A random number generator 
randomly generates the values of the variables based on the 
given [3-distribution of the variables. For each combination 
of these variables, a slope stability analysis is performed, based 
on the consideration of approximately 100 random failure 
surfaces. At least 20 such analyses are needed to provide an 
assessment of the risk of instability. Running more than 1,000 
analyses does not seem to provide any additional information 
(19). The probabilistic stability analysis performed on the 
unfailed slope segment in the study area indicated that of the 
200 analyses, 159, or 80 percent, gave minimum safety factors 
of less than 1.0. For the same slope profile, the deterministic 
safety factor was calculated to be 0.95, as indicated earlier. 

Hazard Classification 

A set of general guidelines was developed to classify the slope 
sections for rotational slides on the basis of their stability. 
The cumulative probability of safety factors being less than 
or equal to unity can be used as a way of assessing the overall 
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landslide hazard potential. Southeastern Wisconsin Regional 
Planning Commission (13) adopted a hazard classification sys
tem in which a probability of more than 75 percent (75 percent 
of the safety factors less than 1) indicated unstable or high
hazard condition and less than 25 percent stable or low-hazard 
condition. On the basis of this classification, this section of 
Whitefish Bay was classified as unstable. 

Stabilization Effort 

A structural solution was pursued because of the immediate 
threat presented to the homes and the urban highway directly 
behind these slopes. This solution involved construction of a 
terraced berm using concrete demolishing debris. Use of a 
waste material reduced the cost significantly. The berm was 
constructed from the beach level up. Dumping materials from 
the slope top was avoided to prevent further movements of 
existing slump blocks and an access road was cut to the beach. 
The configuration of the berm is shown on Figure 5. The toe 
of the berm was protected against wave action by limestone 
riprap. A 0.3m-thick soil cover was placed on the berm surface 
to provide vegetation. A deterministic slope stability analysis 
was also performed using the profile after restoration as shown 
in Figure 5. This analysis indicates a stable bluff slope with 
respect to rotational sliding. The lowest safety factor calcu
lated was 1.75, with a corresponding failure circle beneath 
the top portion of the fill layer. 

SUMMARY 

The processes that operate on coastal slopes often lead to 
significant mass wasting, instability, and recession of the slopes. 
Transportation facilities existing on the upland are threatened 
by the slope failures and shoreline recession. Stabilization 
strategies for long stretches of coastal slopes are described in 
terms of management or stabilization approaches. Because of 
the length of the slopes and the variable nature of geology 
and soil properties, a probabilistic approach to stability anal-
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FIGURE 5 Bluff profile from Whitefish Bay (13). 
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ysis has been adopted for planning and managing the stabili
zation efforts. Two case histories from the Great Lakes region 
were presented to demonstrate the low-cost stabilization 
approach. Once a hazard classification is established, a variety 
of methods can be used to stabilize unsafe or marginally unsafe 
coastal slopes. Potential slope stabilization measures com
monly used include regrading the slope to a stable angle, 
installing groundwater drainage systems to lower the elevation 
of the groundwater and prevent groundwater seepage from 
the face of the bluff, constructing surface water control mea
sures, and revegetating the slope. 

The stable long-term inclination used in the cutbacks of the 
oversteepened bluffs of the western Lake Michigan shoreline 
is 22 degrees (1 V :2.5H). The typical material used in slope 
stabilization and restoration fills is concrete rubble. Depend
ing on the type of material used for filling, a steeper angle 
than the usual stable angle of 22 degrees (often approximating 
35 degrees) may be used for portions of the filled bluff slopes. 
The restored slopes are normally terraced or contain com
pound slopes. Filling should begin at the slope bottom, and 
some bluffs may need to be filled only along the lower portions 
of the slope. Soil cover a minimum of 0.3 m thick is placed 
over the rubble fill, and seeding and mulching is required to 
develop a vegetable cover. Adequate toe protection is required 
for long-term stability. Usually a riprap revetment of rock or 
quarry stones is used for this purpose. Before the placement 
of the fill materials, trench drains are usually required to 
intercept and divert the groundwater of the water-bearing 
lacustrine deposits usually found at the mid-height of the bluffs. 

ACKNOWLEDGMENTS 

The author wishes to acknowledge the contributions of his 
colleagues, David M. Mickelson and Peter J. Bosscher, and 
many former students to his understanding of the coastal bluff 
slumping problem over the years. The financial support pro
vided by the National Oceanic and Atmospheric Administra
tion, U.S. Department of Commerce through the Wisconsin 
Sea Grant Program and the Wisconsin Coastal Management 
Program over the years supported the author's research. 
Southeastern Wisconsin Regional Planning Commission sup
ported the latter developments in probabilistic method and 
provided the data base for the Whitefish Bay case. Financial 
support was received from the U.S. Environmental Protection 
Agency for the Madigan Beach bluff stabilization project. 

REFERENCES 

1. T . B. Edi! and L. E. Vallejo. Shoreline Erosion and Landslides 
in the Great Lakes. Proc., 9th International Conference on Soil 
Mechanics and Foundation Engineering, Vol. 2, Tokyo, Japan, 
1977, pp. 51-57. 

2. R. M. Quigley and D. B. Tutt. Stability-Lake Erie North Shore 
Bluffs. Proc., 11th Conference on Great Lakes Res, 1968, pp. 
230-238. 

3. T. B. Edil and B. J. Haas. Proposed Criteria for Interpreting 
Stability of Lakeshore Bluffs. Engineering Geology, No. 16, 1980, 
pp. 97-110. 

4. A. W. Bishop. The Use of the Slip Circle in the Stability Analysis 
of Slopes. Geotechnique. Vol. 5, No. 1, 1955, pp. 7-17. 



94 

5. L. E. Vallejo and T. B. Edit. Design Charts for Development 
and tabili1y of Evolving Slope . Journal of Civil Engineering 
De.sign , Vol. 1, No . 3', 1979, pp. 231-252. 

6. R. J. Sterrett and T. B. Edi!. Ground-Water Flow Systems and 
Stability of a Slope. Ground Water, Vol. 20, No. 1, 1982, pp. 
5-11. 

7. R. J. Sterrett. Factors und Mechanics of Bluff Erosion of Wis
consin's Great Lakes Shorelines. Ph.D. thesis. Department of 
Geology and Geophysics, University of Wisconsin, Madison, 1980. 

8. L. E. Vallejo. A New Approach to the Stability Analysis of 
Thawing Slopes. Journal of Civil Engineering Design, Vol. 1, 
No. 3, 1979, pp. 231-252. 

9. L. E. Vallejo and T. B. Edi!. Swbi lity of Tbnwing Slopes: Field 
and Theoretical Investiga tion . Proc., 101/1 J111emmio11al Confer
ence Soil Mecl1a11ica/ and Fo1111da1io11 E11gi1wer/11g, Vol. 3, Stock
holm, Sweden, 1981, pp. 545-548. 

10. G. R. Foster and W. H. Wischmeier. Evaluating Irregular Slopes 
for Soil Loss Prediction. Transactions, American Society of Agri
cultural Engineers, Vol. 17, 1974, pp. 305-309. 

11. C. Peters . Models of Short- and Long-Term Geomorphic Evo
lurion of Bluffs i11 the Great Lakes. M. S. thesis. Department of 
Geology and Geophysics, University of Wisconsin, Madison, 1982. 

12. T. B. Edi!. Causes and Mechanics of Coastal Bluff Recession. 
Proc., Workshop on Bluff Slumping, Ann Arbor, Mich., 1982, 
pp. 1-48. 

TRANSPORTATION RESEARCH RECORD 1343 

13. A Lake Michigan Shoreline Erosion Management Plan for Mil
waukee County, Wisconsin. Report 163. Southeastern Wisconsin 
Regional Planning Commission, Waukesha, 1989. 

14. T. B. Edi! and P. L. Monkmeyer. Demonstration of Shoreline 
Protection on Lake Superior. Proc., Conference on Voluntary 
and Regulatory Approaches for Nonpoint Source Pollution Con
trol, Chicago, Ill., 1978, pp. 134-157. 

15. R. A. Siegel. STABL Users Manual. Joint Highway Research 
Project C-36-36K. Purdue University, West Lafayette, Ind., 1975. 

16. W. T. Painter. Contracl Report North Shore Drive Shoreline 
Landfill, Phase I. Foundation Engineering, Inc., Milwaukee, Wis., 
1983. 

17. J. R. Benjamin and C. A. Cornell. Probability, Slalislics and 
Decision for Civil Engineers. McGraw-Hill, New York, N.Y., 
1970. 

18. T. B. Edi! and M. N. Schultz. Landslide Hazard Potential Deter
mination Along a Shoreline Segment. Engineering Geology, 
No. 19, 1983, pp. 159-177. 

19. P. J. Bosscher, T. B. Edi!, and D. M. Michelson. Evaluation of 
Risks of Slope Instability Along a Coastal Reach. Proc., 5th 
Internalional Symposium on Landslides, Vol. 2, 1988, Lausanne, 
Switzerland, pp. 1119-1125. 

Publication of this paper sponsored by Committee on Soils and Rock 
Instrumentation. 



TRANSPORTATION RESEARCH RECORD 1343 95 

Proposed Correction of Landslide for 
Relocation of Kentucky Highway 9 
Using Deep Drainage Gallery 

DARYL J. GREER AND HENRY A. MATHIS 

The proposed relocation of Kentucky Highway 9 places the new 
alignment in a known landslide area. The geotechnical investigation 
for the proposed alignment required correction of the landslide 
problems. Deep drainage galleries were proposed to lower the 
groundwater tables in the landslide area. The deep drainage gallery 
consists of a series of interconnected vertical wells with intersecting 
horizontal drains. A 100-ft-long test section was built to confirm 
the practicability of constructing such a system, to test the 
effectiveness of the system in lowering groundwater levels, to see 
the effects of lowering groundwater on landslide movement, and 
to evaluate the costs of constructing such a system. Extensive 
monitoring of the test section was performed using observation 
wells and slope inclinometers. Groundwater tables were effectively 
lowered, and landslide movements were significantly reduced. 
The cost to construct the deep drainage gallery is expected to be 
40 percent less than its alternative, a tied-back retaining wall. 
Results of the test section monitoring were implemented in the 
final roadway plans. 

Recent industrial development in the Cincinnati area is 
prompting reconstruction of major and secondary roads in 
adjacent Northern Kentucky. The reason for relocating Ken
tucky Highway 9 (KY-9) in Campbell County, Kentucky, is 
to provide access to the Riverport Industrial Area. Existing 
KY-9 is a winding, two-lane road leading from Interstate 275 
(1-275) north to Wilder, Kentucky, approximately 2.3 mi. 
Reconstruction of this section of highway will tie into the 
existing four-lane section of KY-9 north of Wilder and the 
new AA Highway (formerly KY-9), which is south of the 1-
275 interchange. Landslides along the existing alignment of 
KY-9 result in continual maintenance problems and expenses 
for the Kentucky Department of Highways (KYDOH). About 
2,800 linear-ft of the new alignment will pass through a known 
landslide area. 

Planning for this section of relocated KY-9 began in August 
1984, and several alternative alignments were proposed. Fac
tors considered in selecting the final alignment were (a) pro
viding access to the Licking River, (b) resolving landslide 
problems that plague the area, and (c) avoiding relocating or 
disrupting facilities that currently exist in the area. The alter
natives proposed were as follows: 

• Place the alignment to the east of existing KY-9. The 
location would be on top of the hill in a more stable area and 
would not be in the influence of the Licking River. 

• Follow existing KY-9 but lower the grade 9 to 10 ft. 

Kentucky Transportation Cabinet, Division of Materials, Geotech
nical Branch, Wilkerson Boulevard, Frankfort, Ky. 40622. 

• Place the alignment west of existing KY-9 closer to the 
Licking River. This alternative would provide the best access 
to the Riverport Industrial Area but place the roadway in 
known unstable areas. 

Because the expressed intention of the project was to serve 
the industrial base of the area, the chosen alignment was west 
of existing KY-9. Therefore, the geotechnical investigation 
for this project required developing a solution to the existing 
landslide problems that occurred along the proposed align
ment. Figure 1 shows a site map of the area showing the 
proposed alignment. 

This paper describes the correction method proposed to 
facilitate construction of the new alignment, the construction 
of a test section to study the proposed correction method, the 
results obtained from instrumentation for the test section, and 
the incorporation of the instrumentation results into the design 
of relocated KY-9. The scheduled contract date for this proj
ect was March 1992. 

GEOLOGY AND TOPOGRAPHY 

Subsurface investigation along the proposed alignment reveals 
alluvium, colluvium, and terrace deposits as well as bedrock 
from the Ordovician Age formations. The alluvium, collu
vium, and terrace deposits consist of silty clays with minor 
sands and gravels. The Ordovician Age bedrock consists of 
the Kope formation with minor outcrops of the Point Pleasant 
formation. Figure 2 shows a cross section of a typical natural 
landslide on the Kope formation. 

The Kope formation consists of shale (75 to 80 percent) 
and limestone. It ranges from medium gray to light bluish 
gray, and when weathered it becomes greenish gray to dark 
yellowish orange. The shale of this formation slumps readily 
when wet, and extreme care must be taken to provide ade
quate drainage for structures placed on the Kope formation 
(1). A weathered rock zone typically occurs between the shales 
of the Kope and the overburdened soils. 

The shale of the Kope formation shows a very low perme
ability (2). Small fractures in the interbedded limestone can 
transmit additional water into the slopes in addition to the 
natural groundwater that is already seeping downhill in the 
weathered rock zone. The weathered rock zone is typically 
more permeable than either the underlying shale or the over
lying soils, and landslides in the Kope typically occur in this 
zone. 



96 

Southgate 

N 

us - 27 

( 
Highland 
Heighte 

) 

0 0.5 1 mi 

Approximate Scale 

FIGURE 1 Project location map. 

Weathered Zone 

FIGURE 2 Sketch of typical landslide on Kope Formation
modified from Fleming (2). 

Groundwater is usually not encountered in drilling until the 
weathered rock zone is reached. However, water levels mea
sured by observation wells some time after drilling are typi
cally much higher than those encountered during drilling. 
Therefore, a reasonable explanation for the slope failures is 
excess water pressures in the weathered rock zone. In addi
tion, increased rainfall and its effect on the water table can 
drastically accelerate movement. 

The Point Pleasant formation lies beneath the Kope and 
consists of limestone ( 45 to 65 percent) and shale. This unit 
is resistant but poorly exposed because of weathering and 
slumping of the upper-lying, shale-rich Kope formation (1). 

Topography of the area is of a hilly nature. However, the 
existing ground surface in the test section area slopes down
ward to the west from the existing alignment of KY-9 on 
approximately a 1-vertical to 4- or 5-horizontal ratio (1V:4H 
or 1 V:5H) toward the Licking River. 

SITE HISTORY 

Landslide deposits extend along ex1stmg KY-9 from 1-275 
north to the C&O railroad bridge in Newport, Kentucky. This 
is evident by the distress of the road and the many pavement 
overlays required to maintain traffic on existing KY-9. Some 
of the winding nature of existing KY-9 is due to landslide 
movement displacing the alignment of the highway. 
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Several homes and other structures in the area have been 
abandoned or condemned because of structural damage 
resulting from landslide movement. Typically, the slopes both 
above and below the existing alignment are unstable. Move
ment appears to be of a creep type; however, in some areas 
the movement is more rapid than in others. 

Many landslide investigations have been conducted in this 
area. In general, the sliding planes of the landslides were 
located along the weathered shale interface. In addition, excess 
pore pressures were present in the weathered rock zone. Slid
ing planes were generally determined by slope inclinometers, 
whereas observation wells were used to determine water table 
levels and pore pressures. In many cases, the landslides were 
not repaired because they did not extensively affect the road
way or because the expense of repair outweighed the costs to 
maintain the road in its current state. 

Correction of a slide on KY-9 immediately south of the 1-
275 interchange involved construction of a shear key (3). 
Instrumentation installed at this site indicated that the failure 
surface was located in the weathered rock zone. Although 
large movements occurred during excavation for the shear 
key, this correction method has performed well since its instal
lation in 1974. A perforated pipe placed in the bottom of the 
shear key collects groundwater and maintains a steady flow 
even during the typically dry periods of the year. 

Slope inclinometers were installed along existing KY-9 
alignment in the fall of 1979. These inclinometers were installed 
as part of a cooperative agreement between KYDOH and the 
Northern Kentucky Port Authority to provide subsurface 
information concerning industrial development along the 
Licking River and for possible relocation of KY-9. Readings 
were obtained from eight inclinometers from November 1979 
to June 1980. As with other slides in the area, excess pore 
pressures as measured by observation wells were present in 
the weathered rock zone and failure surfaces were at the 
weathered shale interface. The slope inclinometers indicated 
the average rate of movement of the landslide at about 4 to 
15 in. of movement per year with a mean rate of 8 in./year. 
Four of the eight inclinometer casings closed off in 90 days 
or less; these casings closed off during winter when movement 
is typically slow. 

At the time of this writing a slide in a cut section on the 
new AA Highway south of the 1-275 interchange was being 
investigated. Observation wells installed in the slide area indi
cated that excess pore pressures were present in the weathered 
rock zone. The proposed method of correction for this slide 
was dewatering using horizontal drains. 

PROPOSED STABILIZATION METHODS FOR 
NEW ALIGNMENT 

The potential landslide-prone area affects about 2,800 linear
ft of the proposed alignment (stations 112 + 00 to 140 + 00). 
Construction in this area is further complicated by its prox
imity to the Licking River. Static water tables are high because 
of the proximity to the river, and excess pore pressures in the 
weathered rock zone are relatively large because of the large 
hillside recharge area above the area. 

Consolidated-undrained triaxial tests were performed on 
the foundation soils to determine their peak shear strengths. 
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These tests indicated that the mean cohesion and friction angle 
were about 450 psf and 27 degrees, respectively. If the foun
dation soils were to actually exhibit these strengths, the pro
posed embankments would be stable even with the high pore 
pressures. However, KYDOH's experience indicates that the 
residual shear strengths of the foundation soils in this area 
are much less than the strengths obtained from triaxial tests. 
Using the slope inclinometer movement data, a failure plane 
for the test area was determined and backed-in soil parameters 
were calculated for a factor of safety of 1.0. The backed-in 
friction angle was calculated to be about 16 degrees (cohesion 
was arbitrarily set to zero). This value was consistent with the 
backed-in parameters for other landslide corrections in this 
area and in the Kope formation in general. 

Excavation and replacement of the foundation soils (shear 
key) is not feasible. The depth of the foundation soils in this 
area is about 40 ft, and excavation of this material could create 
further landslides. These landslides would most likely close 
existing KY-9, which must remain open during construction. 
In addition, the proximity to the Licking River would make 
it difficult to keep the excavation dewatered during construc
tion. Stone columns are an effective method of foundation 
soil replacement, but it would be difficult at this location to 
penetrate the failure surface (weathered rock zone) ade
quately in order to prevent sliding. In addition, some method 
of dewatering would be required for the stone colunns to be 
reasonably effective. 

KYDOH narrowed the alternatives to two methods: a tied
back retaining wall and a deep drainage gallery consisting of 
interconnected vertical and horizontal drains. A tied-back 
wall at this area would consist of either a soldier pile and 
lagging wall or a drilled caisson wall. Either type of wall would 
have been an effective method of correcting the landslide 
problems, but the cost of constructing such a wall was pro
hibitive. Some provision for lowering the groundwater table 
would still have been necessary to provide an adequate factor 
of safety. The estimated cost in 1989 for a tied-back wall with 
some provisions for subsurface drainage at this location was 
$5,900,000. 

The deep drainage gallery system is similar to that used by 
the California Division of Transportation on a landslide on 
I-80 near Pinhole, California ( 4). The proposed deep drainage 
gallery system is shown in Figure 3. The system proposed for 
this project consists of a line of drilled vertical wells placed 
on the uphill side of the new embankment. Each vertical well 
would have a diameter of 3 ft, be placed on 6-ft centers, and 
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be drilled at least 10 ft into the formation. The vertical wells 
would be interconnected either by overlapping belled bases 
or by interconnecting tunnels. Every third vertical well would 
then be fitted with horizontal drains that would intersect near 
the base of the vertical well. The wells would then be filled 
with free-draining material and capped. This interconnected 
system would serve as a net to catch and drain groundwater 
that is seeping downhill. 

Because this method of correction had never been used in 
Kentucky, the KYDOH Division of Materials was reluctant 
to recommend its use without knowledge of its operations and 
effects. Without the benefit of this information, the Division 
of Materials would recommend retaining walls. As a result, 
approval was granted to construct a 100-ft-long test section, 
which was to provide the following information: 

• The ability to construct the proposed deep drainage gal
lery system. 

• The effectiveness of the deep drainage gallery in lowering 
the groundwater table. 

• The effects of groundwater lowering in the area on land
slide movement, and 

• The costs of constructing a deep drainage gallery system. 

TEST SECTION INSTRUMENTATION 
AND CONSTRUCTION 

The area chosen for the test section construction was located 
near the center of the landslide area between Stations 124 + 50 
and 125 + 50. Before construction, extensive drilling was per
formed in the test section area between Stations 124 + 00 and 
126 + 00. A total of 30 borings were performed in this area, 
and either observation wells or slope inclinometers were 
installed in all but three of the boreholes. Monitoring of the 
instrumentation at the site began in October 1985. Figure 4 
shows a plan view of the instrumentation locations. 

Construction of the test section drainage gallery began April 
1, 1986, and was completed April 30, 1986. Additional obser
vation wells and slope inclinometers were placed in selected 
vertical wells. Construction of the embankment was delayed 
until May 29, 1986, because of utility relocation. The embank
ment was completed on June 28, 1986, with an additional 1 ft 
of fill being added on July 18, 1986. 

Sixteen of the 38 observation wells installed either closed off 
or were destroyed during construction. However, the obser-
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FIGURE 3 Deep drainage gallery system-:-Cross-section view. 
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FIGURE 4 Instrumentation plan view. 

vation wells that remained open showed an approximate drop 
in the water table in the drainage gallery area of 10 to 20 ft after 
construction. This drop corresponded with the water table being 
at or near the elevation of the horizontal drains. Figure 5 shows 
a typical cross section of the drainage gallery with anticipated 
water tables both before and after construction . 
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Drought conditions were common from the end of con
struction of the test section until spring 1989. From spring 
1989 to present, rainfall amounts have been at or above nor
mal levels. However, only minor fluctuations in the water 
table have been observed since the test section was completed. 
A typical plot showing the water table elevation versus days 
is shown in Figure 6; this plot shows Observation Well 24, 
Station 125 + 40 at ground surface elevation of 532.0 ft mean 
sea level (MSL). The initial reading was taken November 15, 
1985. 

FIGURE 6 Typical water table elevation-versus-days plot. 

Monitoring of the slope inclinometers in the test section 
area indicated a rate of movement of about 1 in./year before 
construction. Movement during construction was relatively 
large and was mainly due to dewatering, lateral squeeze from 
embankment construction, and consolidation of the founda
tion soils. From the end of construction to April 1991, the 
average rate of movement was about 0.35 in./year. No sig
nificant fluctuations in the rate of movement were noted as 
a result of precipitation amounts or pool elevations of the 
Licking River. Figure 7 shows a typical movement versus days 
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plot for the test section area; it shows Inclinometer 4 in Camp
bell County. Depth was 6 ft , and initial reading date was 
December 3, 1985. 

IMPLEMENTATION OF TEST SECTION DATA 
INTO FINAL ROADWAY DESIGN 

Monitoring of the test section indicated that the deep drainage 
gallery was effective in lowering the groundwater level under 

,, , 
c"-\il\e 

<I ~o 
J\Sf>\ltl\e 

JI/ '''' 111 
Assumed Water Table 
after Drainage Gallery 
Constructed 

FIGURE 5 Anticipated water tables before and after drainage 
gallery construction. 
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FIGURE 7 Typical movement-versus-days plot for 
drainage gallery test section. 
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the test embankment by 10 to 20 ft. The lowering of the 
groundwater table did not completely stop the deep creep 
movement of the hillside, but it apparently slowed the rate 
of movement and prevented some of the large rates of move
ment from occurring. 

Additional drilling was performed along the proposed align
ment of the vertical wells to define the depth of rock . Drilling 
was also performed at selected critical stations for the purpose 
of performing slope stability analyses . Embankment heights 
through the deep drainage gallery area averaged about 45 ft. 

Stability analyses were performed on the assumption that 
the groundwater table would drop to the elevation of the 
horizontal drains. These analyses were conducted using the 
backed-in parameters and the failure planes determined from 
slope inclinometer movements (wedge analysis) . These anal
yses indicated that marginal factors of safety (FS = 1.2 to 
1.3) exist for constructed embankments in the drainage gallery 
area. KYDOH's typical target factors of safety for roadway 
embankments are 1.4 to 1.8. Figure 8 shows a typical embank
ment stability analysis for the test section area. Stability anal
yses (rotational) using the strength data obtained from triaxial 
tests were also run to further check the stability of the 
embankments. 
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Some minor landslide and embankment stability problems 
are expected to occur during and after construction even though 
the analyses indicate factors of safety greater than 1.0. These 
problems are expected because of variations in construction 
practices, spatial variation in subsurface conditions, and so 
on. In addition, KYDOH's experience with embankments on 
the Kope formation with factors of safety less than 1.5 is that 
settlement, embankment squatting, and creep movements 
occur. 

On the basis of the unit bid items from construction of the 
test area, the estimated cost for the drainage gallery is about 
$2,250,000. Therefore, the expense of constructing a deep 
drainage gallery was estimated to be 40 percent of that of 
constructing a tied-back retaining wall. After considering the 
engineering and economic data, KYDOH decided to proceed 
with the deep drainage gallery . 

Project specifications call for the installation of 441 vertical 
wells and 147 horizontal drains in addition to those already 
installed for the test section. Other embankments , cuts, and 
a reinforced concrete box culvert outside the landslide area 
were also a part of the scope of the project. Dewatering of 
selected cut sections will be performed by using horizontal 
drains. Provisions were included in the specifications for the 
department to install additional slope inclinometers through
out the proposed deep drainage gallery area so that long-term 
monitoring can be performed. 

CONCLUSION 

KYDOH found that the deep drainage gallery system was 
effective in lowering the groundwater table at this location. 
Even with the lowering of the groundwater table, it is expected 
that long-term creep of the landslide will continue , and it is 
believed that the rate of movement will be such that typical 
maintenance practices can maintain the roadway. The average 
rate of movement for the test section area was 0.35 in./year 
compared with the average rate of 8 in./year as measured in 
1979. Construction of the deep drainage gallery will be cost
effective compared with tied-back retaining walls. 

Several questions remain unanswered. Most important is 
the effect that long-term creep movements will have on the 
deep drainage gallery . Damage to the drainage gallery could 
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FIGURE 8 Typical embankment stability section (effective 
stress analysis: using existing water table, FS = 1.0; using 
lowered water table, FS = 1.2). 
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render it useless and result in massive movements. In addition, 
the test seclion is relatively short in comparison with the pro· 
posed area that is to be treated. It is expected that the edge 
effects of groundwater flowing around the drainage gallery 
wilJ be less critical with a longer drainage gallery, and move
ments arc expected to be less with a longer drainage gallery. 
Instrumentation will be installed to monitor construction of 
the drainage gallery and to observe its long-term effects. 
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Stabilization of Debris Flow Scar 
Using Soil Bioengineering 

MICHAEL R. THOMAS AND ALAN L. KROPP 

On January 4. 1982. a large debris flow occurred in an undeveloped 
hillside and flowed into an area of residential housing in Pacifica, 
California. This debris flow (which originated in a previously 
unrecognized oolluvium-fil led ·wale) destroyed two houses 
approximately 300 vertical-ft below the source area and killed 
three children. Emergency grading and erosion control measures 
were soon implemented but these measures did not stop the 
continuing erosion. Deterioration of the temporary erosion control 
facilities was rapid. The magnitude of erosion from the slope also 
prevented vegetation from being reestablished in the scar area. 
In March 1988, plans were developed to regrade the source area 
of the debris flow (to remove additional colluvium) and install 
long-term soil bioengineering erosion control measures . These 
measures were designed to immediately reduce surficial erosion . 
A reduction in the surface water flow rate would allow increased 
infiltration into the ground and help rapid root growth of the 
bioengineering materials to allow root reinforcement of the upper 
soils. Over several years, this system would reduce the surficial 
erosion and allow indigenous plants in the area to become 
reestablished in the debris now track . Design concepts and methods 
of construction l'lre re lated. A long-term monitoring program is 
being performed by the consult ants originally involved in the 
project to determine the success of the stabilization effort. This 
program consists of periodic visits to the site to walk the slopes 
and develop a photographic log of the vegetation development. 

During an intense rainstorm on the evening of January 4, 
1982, a large debris flow occurred in an undeveloped hillside 
and flowed into an area of residential housing in Pacifica, 
California (Figure 1). The debris flow happened with little or 
no warning to the residents some 300 vertical-ft below the 
source area. Approximately 3000 yd 3 of colluvium were mobi
lized in the flow. The colluvium mobilized by the failure moved 
rapidly down the slope at an estimated speed in excess of 20 
mph. Three children were killed, two homes completely 
destroyed, and two other homes severely damaged when the 
mobilized soils hit them . The source area was approximately 
150 ft long and 80 ft wide, and the track was about 460 ft long 
and 40 ft wide. 

Immediately after the debris flow event, emergency reme
dial measures were taken to minimize the potential (in the 
short term) of another debris flow in the same area. After 
temporary emergency remedial measures were taken, numer
ous investigations were carried out. These investigations gen
erally concluded that the debris flow occurred along the cen
terline of a colluvium-filled bedrock hollow. Depth-to-bedrock 
contours within the flow developed by Shlemon (1) indicated 
the presence of two deep depressions in the bedrock aligned 
in the downslope direction (see Figure 2). Theories stated 

M. R. Thomas, SEC Donohue, Inc., 2800 East Parham Road, Rich
mond, Va. 23228. A. L. Kropp , Alan Kropp and Associates, Inc. , 
2140 Shattuk Avenue, Berkeley, Calif. 94704. 

that these depressions were caused by past episodes of fluvial 
downcutting, the high point between the two depressions being 
a more resistant bedrock material. 

Generally, it was concluded that the upper depression in 
the bedrock was the source area for the flow. The high bed
rock ridge that separated the two bedrock depressions acted 
to concentrate groundwater in the upper basin until the over
lying colluvium became saturated and mobilized in the form 
of a debris flow. The flow material crossed the lower depres
sion en route to the level, developed areas at the base of the 
slope. 

The land where the debris flow originated was open space 
owned by an adjacent condominium homeowners' associa
tion. This group wanted to institute remedial work of the flow 
area, but its budget was limited. Engineering analyses of the 
slope led to the development of two alternative remedial plans. 
One plan involved the complete reconstruction of the slope 
to the pre-debris flow configuration. To achieve this, up to 
5000 yd 3 of fill would have to be brought in and placed in the 
source area. In addition, to reestablish the original inclination 
of the slope, geogrid reinforcement of the soil would have to 
be added as the fill was placed . The alternative plan was to 
accept the existing conditions and install protective measures 
to minimize the likelihood of future debris flows and surficial 
erosion. To minimize the risk of future debris flows emanating 
from the existing source area, it would be necessary to remove 
most of the colluvial soil from both the center and the denuded 
flanks. Once this removal had taken place, stabilization mea
sures could be installed to minimize future erosion, shallow 
sloughing, or small debris flow initiation. It was decided that 
an appropriate form of stabilization would involve the instal
lation of soil bioengineering measures. Soil bioengineering 
slope stabilization involves the use of both quasivegetative 
and vegetative elements to arrest and protect against shallow 
slope failures and erosion. 

Ultimately, the second alternative was selected and detailed 
plans were developed. The selection was based on both the 
cost of design and the feasibility of construction. A situation 
in which soil bioengineering slope stabilization was used to 
minimize soil loss from a large debris flow scar and a report 
on the performance of soil bioengineering to date are 
presented. 

PREVIOUS TEMPORARY REMEDIAL OPERATIONS 

After the debris flow occurred, emergency grading operations 
started to remove a portion of the remaining colluvium around 
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FIGURE 1 Oddstad Boulevard debris flow; two destroyed 
homes have been removed, and shading indicates severely 
damaged homes. 

the perimeter of the source area. The limits of the grading 
extended beyond the limits of the source area to help reduce 
the inclination of the flanks of the slide while minimum earth 
movement was being done in the track area where the dis
turbance was small during the debris flow event . During these 
grading operations several thousand cubic yards of colluvium 
were removed from the source area. On completion of the 
grading, the source area had the configuration of a broad 
bowl, and the track area was essentially unchanged. V-ditches, 
debris baffles, and silt fences were constructed in the flow
track. A siltation basin designed to contain erosion and small 
debris flows was also constructed at the bottom of the hill 
where the two residences had once stood. 

By the fall of 1983 the temporary remedial operations had 
been completed, and the slope was seeded and left alone in 
hopes that vegetation would become reestablished in the giant 
scar that was left behind by the debris flow and the earth
moving operations. However, little vegetation was established 
on the slope that year because the inorganic soils that had 
been left behind did not promote plant growth and the steep 
inclination of the slope encouraged erosion of the surficial 
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soils. The homeowners' association made many attempts to 
minimize erosion of the surficial soils exposed on the slope 
and increase the plant population by planting various types 
of grass seed. These additional plantings did not do much to 
increase the number of plants on the slope and reduce erosion. 

By late 1985 erosion in the debris flow scar had become 
severe. A gully approximately 5 ft deep had been incised into 
the centerline of the flowtrack and more uniform , shallow, 
surface erosion over the remainder of the graded area led to 
large quantities of soil being deposited in the v-ditches and 
behind the silt fences. This accumulation of eroding soils 
required constant maintenance by the homeowners' associa
tion in order to keep the features operating. However, even 
with constant maintenance, deterioration of the temporary 
erosion control facilities was rapid. The silt fences had almost 
completely overloaded and broken down , and the siltation 
basin at the base of the slope had been substantially filled. 

LONG-TERM REMEDIAL PLAN DEVELOPMENT 

In 1986 a long-term solution to the slope stability and erosion 
problems was being sought. Investigations of the initial debris 
flow event led to the belief that accumulation of groundwater 
in a bedrock hollow near the top of the hillside during pro
longed or intense rainstorms would saturate the colluvial soils 
in the hollow. During an intense rainstorm on January 4, 1982, 
the colluvium became saturated and ultimately liquefied and 
flowed down the slope in the form of a debris flow. An inves
tigation by Shlemon (1) established depth-to-bedrock con
tours in the debris flow area. These contours outlined two 
bedrock hollows on the hillside that were aligned in the down
slope direction. Consultants spot-checked these estimated 
depths to bedrock by drilling exploratory test borings. Many 
of the borings were extended to the bedrock surface and 
terminated, several others were advanced into the bedrock 
by coring. The deeper borings were drilled in an effort to 
examined the type and quality of the underlying materials. 
The borings generally confirmed the depth-to-bedrock con
tours developed by Shlemon (1). 

Once the contours were verified, it became apparent that 
the emergency grading measures had not removed the entire 
build-up of colluvial soils from the upper bedrock hollow. 
This kindled fears that additional debris flow activity might 
occur during similar rainstorm events. A decision was made 
to remove the colluvium in the central portion of the bedrock 
hollow to within 3 to 5 ft of the bedrock surface. The remain
ing thickness of colluvium could then be adequately stabilized 
in-place through the use of soil bioengineering methods. 
Draining of groundwater from the source area was also con
sidered a prime objective of the remedial measures. Ulti
mately, it was demonstrated that the removal of colluvium 
from the central portion of the bedrock hollow in combination 
with the installation of subsurface drainage and construction 
of soil bioengineering stabilization measures would provide 
adequate protection against future flow events. 

The depth-to-bedrock contours developed by Shlemon indi
cated that the horizontal extent of the bedrock hollow was 
significantly larger than that of the debris flow source area . 
Therefore, the extent of additional colluvium removal had to 



Thomas and Kropp 

475 

LEGE NO 

APPROXIMATE LIMITS OF !J : I (HORIZONTAL 
ro ~RnCALJ SLOPE FROM THE OUTER 
EOGE OF EXCAVATION 

APPROXIMATE LIMITS OF PROPOSEO 
SOIL REMOVAL WITHIN 3 FEE7 OF 
THE BEDROCK SURFACE 

APPROXIMATE LOCATION OF PROPOSED 
SUBORAIN 

APPROXIMATE LOCATION OF SUBORAIN 
CLEANOUT 

APPROXIMATE l.(JCATION OF SOLID 
DISCHARGE LINE 

CIJNTOUR LINE OF APPROXIMATELY 2 FEET 
TO BEDROCK (FROM SHLEMON ET AL, 1987) 

AffWOXINATE LIMITS OF PREVIOUS GRADING 
OPERATIONS (AS OETERMINEO FROM AERIAL 
PHOTOGRAPHS) 

Aff'ROXIMATE LIAflTS OF DEBRIS FLOW 
SCAR (FROM SHLEMAN ET AL, 1987) 

103 

100' TO OOOSTAO BLVD. 
((APPROX . ) 

FIGURE 2 Depth-to-bedrock contours in relation to debris flow. 

be determined. The central portion of the source area appeared 
to be immediately above the deepest portion of the bedrock 
hollow and a substantial thickness of colluvium still appeared 
to be present under the flanks of the debris flow. It was 
decided colluvium would be removed within the central por
tion of the bedrock hollow down to within 3 to 5 ft of the 
bedrock surface. This removal would generate approximately 
5000 yd3 of colluvium to be removed during the grading oper
ations in the source area. 

A subdrain, designed to relieve build-up of hydrostatic pres
sures, was to be constructed down the centerline of the source 
area (Figure 3). Because previous investigators had theorized 
that a perched groundwater table may exist during heavy or 
extended periods of rain on the bedrock surface, the subdrain 
was to be excavated through the remaining colluvium and 
approximately 1 ft into the underlying bedrock. The subdrain 
was to consist of a 6-in. rigid, perforated, plastic pipe embed
ded in washed gravel. The gravel was to be extended to within 
1 ft of the ground surface and the entire gravel-pipe unit was 

to be wrapped in a nonwoven geotextile. Natural soils were 
to be placed above the gravel and geotextile. 

In order to excavate down to within 3 to 5 ft of the bed
rock surface along the flanks of the source area, it would be 
necessary to remove a significant amount of existing, well
established vegetation and to disturb vast areas of previously 
undisturbed ground. Because a subdrain was to be constructed 
through the central portion of the bedrock hollow, it would 
be unlikely that the colluvium in the flanks could become 
saturated and mobilize into a debris flow. Therefore, the two 
primary concerns for the flanks of the graded area were local 
slope stability and surficial erosion. The grading operations 
proposed for the central portion of the source area would 
oversteepen the flanks and make them susceptible to localized 
sloughing and slope failures. 

To minimize the likelihood of such failures, it was rec
ommended that the flanks of the source area be cut back to 
a maximum inclination of 3:1 (horizontal to vertical). This 
cutting-back operation would minimally affect the existing 
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dense vegetative cover outside the source area (see Figure 3). 
Therefore, the area susceptible to surficial erosion would only 
be slightly increased by the recommendations for the grading 
scheme. Once the flanks were cut back, soil bioengineering 
slope stabilization measures would be installed to minimize 
erosion from the slopes and provide root reinforcement of 
the surficial soils. 

SOIL BIOENGINEERING SLOPE STABILIZATION 

Soil bioengineering slope stabilization entails the use of veg
etative elements to arrest and minimize the potential for slope 
failures and erosion (2). These vegetative elements include 
seeding, live transplants, and quasivegetative methods such 
as brush layers and contour facines (wattling). 

Bioengineering is different from biotechnical engineering 
in that biotechnical engineering includes the use of mechanical 
elements such as small walls and earth reinforcing. The 
mechanical elements of biotechnical engineering provide rel
atively deep soil stabilization; bioengineering measures pro
vide stabilization of surficial soils. Soil bioengineering also 
acts to reduce the erosive power of surface water by directly 
intercepting rainfall, binding soil particles, filtering soil from 
runoff, dissipating the energy of runoff, and maintaining good 
infiltration. In addition, woody plants, trees and shrubs pro
vide root reinforcement to depths of 3 to 5 ft, which adds to 
the general stability against sliding and mass movement. Once 
stabilization and erosion control are achieved, indigenous veg
etation may then reestablish itself. The ultimate goals of soil 
bioengineering stabilization are to provide relatively shallow 
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slope stabilization and to inhibit the erosive action of surficial 
water long enough to allow the imported and indigenous plant 
materials to establish a vegetated mat over the ground surface. 

It should be noted that soil bioengineering methods of slope 
stabilization are only slowly gaining popularity in North 
America. Generally, these methods are used in areas of rel
atively constant soil moisture such as along stream banks or 
where groundwater is at a constant, shallow depth. The sub
ject debris flow is located along the flank of a small mountain 
in the California coast range in an area where the depth to 
groundwater is typically greater than 20 ft. In addition, even 
though the area typically receives more than 22 in. of rainfall 
each year, it is seasonal in nature. The rainy season usually 
lasts from mid-October to April, and rainfall during the 
remainder of the year is rare. Nevertheless, it was concluded 
that with proper timing and plant selection, soil bioengineer
ing methods would be effective in terms of both cost and 
results in controlling erosion from the debris flow scar. 

To minimize the likelihood of future mass failures in the 
debris flow source area, it was decided that additional grading 
that involved the removal of existing colluvial soils from both 
the flanks and bottom of the basin would be performed. The 
proposed grading operations would remove all but 3 to 5 ft 
of soil from the debris flow scar, so the engineering consult
ants, in conjunction with the landscape architect, decided that 
the primary function of the soil bioengineering stabilization 
effort were to minimize erosion of the surficial soils so that 
plant life could become reestablished on the slope and to 
provide mechanical stabilization of the surficial soils during 
the interim when vegetation was becoming established. The 
three soil bioengineering stabilization processes chosen to 
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accomplish this goal were contour facines , live transplants, 
and seeding. The contour facines were to provide mechanical 
stabilization that would allow the transplants and seeds to 
become established on the slope . 

Because soil bioengineering slope stabilization is not com
monly used throughout North America, brief descriptions of 
the methods used for the subject stabilization are presented. 
For additional information about these and other soil bio
engineering stabilization methods, refer to the text by Gray 
and Leiser (2). 

Facines (Contour Wattling) 

Facine construction consists of placing bundles, approxi
mately 12 in. in diameter, of suitable plant materials (gen
erally quick rooting woody vegetation that is in abundant 
supply) in shallow trenches, on contour, and on either cut or 
fill slopes (2). The function of the facine is to stabilize the 
surficial soil layers, dissipate the erosive power of surficial 
water, entrap sediments, and increase infiltration of surficial 
water. The proper construction and installation of facines is 
critical. Freshly cut stems should not be allowed to dry out 
or they will die and no rooting will occur. Death of the veg
etation will not destroy the mechanical properties of the facine, 
but no new growth of vegetation will be supplied by the facine. 
Improper installation of the facine may also lead to unac
ceptable results. Failure to adequately cover the facine with 
soil may prevent the fresh stems from sprouting. In addition, 
failure to tightly pack soil around the facine may lead to 
ponding of surficial water in the trench around the facine, 
which often leads to shallow sloughing failures that extend 
beneath the facine. 

In general, it was considered that within the debris flow 
scar, contour facines would provide immediate stabilization 
of the surficial soils so that additional vegetation could become 
established in the area. The ability of the facine to act as a 
check dam would increase infiltration of surface water while 
reducing erosion . It was considered that the facines would 
provide this type of protection for up to 3 years, and this 
would allow both imported and indigenous vegetation to become 
established in the scar and take over those functions. 

Live Transplants 

Use of transplants is one of the best methods of establishing 
woody vegetation on difficult sites. The advantage of trans
plants is that the plants do not have to undergo germination 
in the typically harse site conditions, therefore giving them a 
distinct advantage over seeding of woody vegetation. In addi
tion, the survival rate of transplanted woody vegetation is 
significantly higher than that of seeded woody vegetation . 
However, the cost of transplants is greater than seed because 
they have to be grown and then planted at the site by hand. 
Transplanting should be restricted to seasons in which ade
quate moisture is available in the soil ; otherwise, irrigation 
may be necessary. As live transplants become established, 
they reduce erosion of surficial soils by intercepting rainfall 
in their vegetative canopy, increasing infiltration of surficial 
water into the soil, and increasing the quantity of organic 
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debris on the ground surface, which retains moisture. In addi
tion, the roots of woody plants reinforce the surficial soils, 
which increases slope stability. 

Of the three types of soil bioengineering stabilization selected 
for this site, live transplants have the longest potential life 
span. The woody vegetation that makes up the majority of 
live transplants has the potential to survive on the slope any
where between 10 and 80 years or more, at which time natural 
succession would take over. 

Seeding 

Seeding for herbaceous plants provides the most immediate 
form of ground cover. Once the seeds have germinated, plants 
rapidly develop and act to minimize surficial erosion, provided 
that rill and gully erosion is minimized during this time through 
other methods such as contour facining. The ideal species 
should have strong root development and minimal green growth 
(2) . The green growth that does occur will help minimize the 
impact of raindrops on the slope, and the root development 
will reinforce the surficial soils. Ground cover established 
through seeding minimizes surficial erosion while the live 
transplants become established. Once transplants have become 
established on a slope, their roots provide deeper soil rein
forcement . Providing an adequate mix of grass and herba
ceous plant types is of particular concern when specifying 
seeding. Some grasses are quick to develop but are only short
lived, and therefore only provide immediate protection; other 
grasses take much longer to develop and spread but provide 
more long-term erosion protection. Another concern is select
ing a mix of both annual and perennial vegetation so that 
more than one season of protection may be obtained . How
ever, even with a good selection of species , seeded plants 
generally provide 2 to 5 years of slope protection. 

SOIL BIOENGINEERING PLAN DEVELOPMENT 

Factors Affecting Plant Selection 

Exploratory borings that were drilled as part of the geotechnical 
engineering investigation generally encountered stiff, inorganic, 
sandy, and gravelly clays immediately above the bedrock sur
face. This soil was expected to support and sustain the plant 
materials used in the soil bioengineering stabilization program. 
In general, stiff clayey soils that are exposed at the surface retain 
moisture and nutrients well. However, these soils had been 
buried for an extended period of time , so it was unlikely that 
they contained many nutrients . In addition, it was likely that 
the denseness of these soils would cause them to lack oxygen, 
which is vital to plant development. During initial site inspec
tions, sparse vegetation, apparently introduced to the area dur
ing the temporary remedial measures, was noted within the 
debris flow source and track areas. This vegetation consisted of 
the hardy Rhamnus and Baccharis species. Growth was obse!V'ed 
to be nonuniform and the plants appeared to be small for their 
age. This was reflective of the severe environmental conditions 
and the nutrient deficient soils. 

Climatic conditions at the site also played a major role in 
the development of the soil bioengineering stabilization plan. 
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These conditions presented both positive and negative factors 
that could affect plant selections and expected growth rates. 
In relation to the rest of the San Francisco Bay Area, the site 
is located in an area that receives relatively generous rainfall. 
On the average, the Pacifica area receives about 22 in. of 
rainfall per year. However, most of it occurs between mid
October and mid-April. The rest of the year is dry except 
for an occasional rainshower in May or September. Because 
the site is located within 2.5 mi of the Pacific Ocean, seasonal 
temperature variations are not extreme. Typically, during the 
winter months, temperatures at night drop as low as 40 degrees; 
summer daytime temperatures rarely exceed 75 degrees. Often 
during the summer, coastal fog blankets the hillsides, which 
creates a cool, humid environment for plants but does little 
to replenish soil moisture. 

The lack of summer moisture in this area dictates that the 
plants growing here be tolerant of drought conditions. Typ
ically, such plants do not grow throughout the season. The 
rainfall and temperature characteristics also dictate that in 
nonirrigated areas, plantings be scheduled during the wet win
ter months and not in the dry spring or summer months. 

Plant Selection 

Budgetary constraints imposed by the homeowners' associa
tion did not allow extensive testing of the soils in the debris 
flow track. Such testing would have aided in plant selection 
by determining nutrient levels, soil pH, salinity, and the pres
ence of potentially toxic ions such as those produced by ser
pentine bedrock. To compensate for this lack of laboratory 
data, an extensive plant survey was conducted on the adjacent 
slopes. The purpose of this was to determine the plant types 
and populations on the adjacent slopes in order that similar 
species could be selected for the soil bioengineering stabili
zation plan. A list of the plant types noted during this survey 
is presented in Table 1. 

TABLE 1 SURVEY OF EXISTING PLANT MATERIALS 

Debrjs Flow Source and Track Areas* 

**Baccharis species (Coyote Brush) 

**Rhamnus californica (Coffeeberry) 

Uodjstl1rbed Adjacent Stones**"' 

Salvia species (Sage) 

Mentha species (Mint) 

Ceanolhus species (Wild Lilac) 

Ribes species (Gooseberry) 

Sambucus (Elderberry) 

Rharnnus species (Coffeeberry) 

Baccharis species (Coyote Brush) 

Rhus diversiloba (Poison Oak) 

Heteromeles arbutifolia (Tayan) 

Pinus radiata (Monterey Pine) 

Cornus species (Dogwood) 

Salix species (Willow) 

The slide path contained a scant mixture of grasses 

These plants were sparse and small for lheir age 

Undisturbed areas contained dense growlh of grasses as well as lite indicated plants 
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Often, texts describing soil bioengineering stabilization 
strongly recommend that only indigenous plants be used for 
stabilization efforts. They suggest that local seed be collected 
and used in reestablishing vegetation to ensure compatibility 
of the remedial work area with the surrounding areas. It is 
also thought that, in general, species that thrive in an area 
do so because they are best suited for the soil and climatic 
conditions. However, it was decided that additional plant types 
may also thrive on the slope . The genera of the plants noted 
during the plant survey were used as to indicate the types of 
plant materials that would thrive in this type of environment. 
The criteria used in selection of the plant materials for trans
plants and seeding of the debris flow area were that the plants 
be well adapted for the expected soils and moisture condi
tions, deep rooting, tenacious and hardy, commercially avail
able, and highly adaptable to varying climatic conditions. On 
the basis of these criteria, a list of acceptable plants from 
which contractors could select was prepared (Figure 4). 

Contour facines were selected to provide immediate veg
etative and mechanical stabilization of the surficial soils. The 
plant material selected to create the facine would have to be 
strong, resilient, quick rooting, and in abundant supply. Because 
the primary function of the facine is to provide immediate 
surficial soil stabilization and erosion control while indigenous 
and transplanted vegetation becomes established on the slope, 
its required life span is only 1 to 3 years. Therefore, selection 
of a plant type with the proper mechanical properties is more 
important than selecting a plant that will have a long-term 
survival rate on the slope. Willow is abundant along the stream 
banks and possesses the required mechanical properties, so 

Transolant list 

Artemisia california (Sagebrush) 

A. suksdorfii (Sagebrush) 

Baccharis pilularis subs. pilularis 

Ceanolhus cuneatus (Wild Lilac) 

C. incanus (Wild Lilac) 

C. intergerrimus (Wild Lilac) 

C. papillosus (Wild Lilac) 

C. parryi (Wild Lilac) 

C, rarnulosis (Wild Lilac) 

C. lhyrsiflorus (Wild Lilac) 

Cornus glabrata (Dogwood) 

Cupressus macrocarpa (Monterey Cypress) 

Fremontodendron california (Flannel Bush) 

Heteromeles arbutifolia (Tayan) 

Pinus radiata (Monterey Pine) 

Rharnnus california (California Coffeeberry) 

R. crocea (Redberry) 

Rhus integrifolia (Lemonade Berry) 

R. laurina (Laurel Sumac) 

Salvia apiana (White Sage) 

S. columbariae (Chia) 

S. leucophylla (purple Sage) 

S. mellifera (Black Sage) 

S. sonomensis (Creeping Sage) 

Sarnbucus callicarpa (Elderberry) 

Seed Mixture 

Berber orchardgrass (20 lbs./acre) 

Crimson Clover (3 lbs./acre) 

Wilton Rose Clover (10 lbs./acre) 

California Poppy (I lb./acre) 

Blando Brome (10 lbs./acre) 

Annual Rye (5 lbs./acre) 

FIGURE 4 Recommended transplant list and seed mixture. 
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it was selected for use as facine material. However, because 
willow adapts to wet environments and summers at the site 
are typically drought periods, its expected survival time on 
the slope is not much greater than 1 to 2 years. 

GRADING AND INSTALLATION OF 
BIOENGINEERING MEASURES 

In August 1989 grading operations began in the debris flow 
scar. During these operations approximately 5000 yd 3 of col
luvial soils were removed from the center and flanks of the 
source area. Upon completion of the excavation operations, 
the grading contractor was instructed to rip the remaining soil 
to a depth of 18 in. to provide a more suitable medium in 
which the plants could become established. A subdrain was 
then installed from the center of the source area down the 
slope to the lowest v-ditch in the track area. During excavation 
of the subdrain, pockets of water were encountered and drained 
within several days of their exposure. The grading and sub
drain installation operations were generally completed by the 
end of October. 

Installation of the soil bioengineering measures commenced 
in mid-November. Several light rains had occurred during the 
period between the completion of grading and the com
mencement of installating the bioengineering measures. These 
rains dampened the ripped soils but were not intense enough 
to cause substantial erosion. 

The landscaping contractor charged with the installation of 
the bioengineering measures obtained willow for the facines 
from a natural source in the southern part of California. The 
willow stems were cut in the morning, trucked to the site (a 
drive of about 5 hr) in late afternoon, bundled into facines, 
and placed the following day. The assembly of the facines 
was performed at the top of the hillside and the completed 
facines were conveyed down the slope to the installation area 
by a wireline assembly rigged by the contractor. The live 
transplants were obtained from a local nursery and arrived at 
the site within several days of planting. 

The contractor's first objective was to install the facines in 
the debris flow area. The facines were placed on contour at 
a vertical spacing of about 6 ft. This spacing was determined 
by the inclination of the slope and the type of soil to be 
stabilized. In practice, this is a common facine spacing. Instal
lation of the facines progressed from the top of the debris 
flow scar toward the bottom. By the Thanksgiving weekend, 
approximately the top quarter of the source area had been 
covered with the facines, which were placed on contour. A 
storm which produced approximately 2 in. of rain in a 12-hr 
period occurred over the weekend, causing substantial erosion 
from the untreated portion of the slope. Very little erosion 
was noted on the upper portion of the slope where the facines 
had been installed the previous week. During the following 
days approximately 20 yd3 of eroded soils were removed from 
the v-ditches on the slope and the siltation basin at the base 
of the track area. In the lower portion of the source area 
runoff from the rains had created a gully approximately 2 ft 
deep. This gully was repaired by backfilling with lightly com
pacted soil and with the placement of a brush mattress, which 
was intended to reduce the erosive action of surface runoff. 
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By mid-December the remainder of the facines and approx
imately 3,000 live transplants were installed and the area 
hydroseeded without further severe rainfall incidents. 

After completion of the bioengineering planting there was 
a period of approximately 6 weeks where little or no rain fell. 
During this critical time for all of the plantings the slope was 
irrigated with a spray from a hydroseed machine. Although 
this method of irrigation was expensive, it appeared that most 
of the plantings survived the period of drought. The remainder 
of the winter was drier than usual; however, there was suf
ficient rainfall to allow the transplants to survive and the seeds 
to sprout . Little of the willow in the facines sprouted and 
grew; however, the mechanical properties of the facines did 
not appear to be compromised. During the few heavy rainfalls 
that occurred that winter, some erosion was observed in the 
source area. However, the facines acted to intercept the eroded 
material much as a silt fence would; therefore, little soil washed 
off the slope and gullies did not have an opportunity to form. 

By the spring of 1990 the seeds had sprouted and a thick 
mat of grass and weeds covered the slope . Many of the live 
transplants were also thriving; however, deer in the area were 
aware of this recently transplanted vegetation and feasted on 
the young plants. This browsing by the deer population reduced 
the number of surviving transplants by at least 50 percent. 
During summers in this area very little vegetation grows. The 
plants that survived the first winter and the browsing of the 
deer also survived the first summer on the slope. The grasses 
and weeds went to seed, and the following winter a new crop 
sprouted. During a visit to the site in the spring of 1991, it 
was noted that native vegetation species from the area were 
beginning to encroach into the debris flow area. These species 
included sagebrush, toyon, and poison oak. None of the wil
low facines had survived, but they were still intact and func
tioning as vegetative silt fences. In addition, some of the live 
transplants had survived. These species included Monterey 
cypress, Monterey pine, coffeeberry, lemonade berry, and 
elderberry. It appeared that the Monterey pines had the great
est survival rate, and many of these trees ranged in height 
from 24 to 48 in. 

The original specifications for the bioengineering recom
mended a 20 percent second planting of the live transplants 
1 year after the initial planting. The condominium home
owners' association did not want to incur this additional expense 
and therefore did not authorize the second planting. Despite 
this, it appears the debris flow scar has stabilized and native 
vegetation from the surrounding hillsides is invading the area. 
Therefore, this project to date is considered a success. 

REFERENCES 

1. R. J. Shlemon, R.H. Wright, and D.R. Montgomery. Anatomy 
of a Debris Flow, Pacifica, California. In Debris Flows/Ava
lanches: Process, Recognition, and Mitigation (J. E . Costa and 
G. F. Wieczorek, eds .), 1987, pp. 181 - 199. 

2. D. H. Gray and A. T . Leiser. Biotechnical Slope Protection and 
Erosion Control, Van Nostrand Reinhold Company, New York, 
N.Y., 1982. 

Publication of this paper sponsored by Committee on Soils and Rock 
Instrumentation. 



108 TRANSPORTATION RESEARCH RECORD 1343 

Partial Landslide Repair by Buttress Fill 

ALAN L. KROPP AND MICHAEL R. THOMAS 

Two residences in Orinda, California, were threatened by the 
~nlargement o_f an existing landslide area. Published geologic 
literat~re descnbed_ the chara~teristics of landsliding in the geologic 
materials present m the Onnda formation. Site specific studies 
were performed.using aerial photographs, small and large diameter 
exploratory borings, and laboratory testing. The studies indicated 
that the previous landslide was massive in character and that 
complete repair was probably economically impossible. However 
buttress-fill grading could be performed at the rear of the tw~ 
properties to stabilize those areas and leave the remaining portions 
of the landslide unchanged. 

Two residences in Orinda, California, are immediately adja
cent to an area that experienced significant landsliding more 
than 20 years ago. The rear of one residence was within 10 
ft of the lateral scarp of the landslide, and the improvements 
behind the second home were about 30 ft from the lateral 
scarp. A slow retreat of this scarp threatened both properties. 
The owners of the homes had access to a significant amount 
of soil that could be used for grading to help stabilize the rear 
of the properties. Therefore, geotechnical studies were per
formed on the portion of the landslide in the rear yards of 
the two properties . These studies were intended to charac
terize the landslide materials and identify a reasonable engi
neering solution to protect the homes and their associated 
improvements. The general location of the Orinda area is 
shown in Figure 1. 

INTRODUCTION 

In the years following World War II, significant development 
pressures to provide housing opportunities occurred in the 
suburbs of the San Francisco Bay Area. Access to the sub
urban Orinda area had recently been improved by construct
ing a tunnel (completed shortly before the war began) through 
the hills that bound the immediate Bay Area. The state high
way serving the Orinda area had significantly easier access 
us_ing the Broadway tunnel than with the previous winding 
alignment across the top of the hills or through the earlier 
narrow tunnel. However, the geologic environment in the 
Orinda area posed many problems regarding landsliding. For 
example, a major landslide occurred in December 1950 that 
buried the highway just east of the Broadway tunnel. This 
landslide was more than 300 ft wide and extended up the hill 
adjacent to the highway for approximately 800 ft. Because 
previous instabilities had been observed on the hillside an 
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extensive network of horizontal drains was installed to help 
stabilize the area (1). 

The Federal Housing Authority (FHA) sponsored a sig
nificant portion of the subdivision construction in the Orinda 
area during the 1950s. Because of the geologic instabilities 
that were observed, the FHA contracted with the U.S. Geo
~ogica! S~rvey (USGS) to perform an engineering geology 
mvest1gat10n of the area in Orinda where the Warford Mesa 
subdivision was proposed. The results of this evaluation were 
published as a USGS open-file report (2). The results con
cluded that the area was generally underlain by interbedded 
conglomerates, sands, and clays of the Orinda formation. 
These materials were described as chiefly continental, lacus
trine, and fluviatile deposits, formed during the Pliocene epoch. 
X-ray diffraction evaluations of the clay materials indicated 
that they contained 35 to 95 percent montmorillonite, aver
aging 45 to 50 percent. Free-swell tests performed on this 
montmorillonite material indicated that the clays expanded 
from 20 to 100 percent, with a typical value of 30 percent 
expansion. The study indicated that there were widespread 
landslides in the proposed subdivision area and that the land
sliding was not restricted to dip-slope environments. It also 
concluded that significant subsurface water could be carried 
by conglomerate or sand beds to the less pervious and weaker 
clay beds where slippage occurred. Furthermore, it concluded 
that joint planes in the bedrock appeared to be planes of 
greater weakness than the bedding planes. The report then 
provided some conclusions regarding the engineering criteria 
to be used in the grading and development of the proposed 
subdivision. 

Continued landsliding in the general area led to more-detailed 
studies of the landslide problems by USGS. These further stud
ies were published in an open-file report which studied an area 
of approximately 6 m2 around Orinda (3). To evaluate the gen
eral characteristics of the study area, the authors collected data 
on approximately 195 landslides. They noted that many more 
landslides were present, but picked these landslides as represen
tative of the largest and most clearly defined landslides in the 
area. All of the landslides were then tabulated and described 
with regard to their form, type of material present, geologic 
setting, vegetation present, and any observed damage to man
made structures. The authors concluded that rainfall was the 
most common triggering mechanism in the landslide areas. They 
further concluded that landslides often occurred because of com
binations of geologic setting and site exposure. One of the most 
interesting findings was that landslides appeared to be more 
prevalent on slopes on which the bedding dipped in a direction 
opposite to the hillslope rather than on a dip-slope environment. 
They also pointed out the common relationship between the 
grading activities used to develop the subdivisions and the sub
sequent landslide movements. 
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The two Orinda lots that contained the homes threatened by 
the landslide evaluated in this study were located at the end 
of Silverwood Court (see Figure 2 for the configuration of 
the lots in the vicinity). Silverwood Court is a short cul-de
sac road that extends westerly off the main thoroughfare of 
the area, Tahos Road. An evaluation of a series of historic 
aerial photographs and records from the Contra Costa County 
Grading Department were reviewed to develop the historic 
site conditions. Aerial photographs taken through the mid-
1950s indicated that this area was generally vacant except for 
a narrow unpaved road , which extended along the top of a 
major ridge line where Tahos Road was later constructed. At 
this time, the area where Silverwood Court was later built 
was a secondary ridge extending off of the main ridge line. 
The rear of the two lots studied extended into a swale area 
that extended downhill from Tahos Road in a westerly direc
tion and ended in a canyon about 1,000 ft from the road . The 
general conditions around the secondary ridge where Silver-
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wood Court was built appeared to be relatively stable, but 
the swale feature contained sparse vegetation and hummocky 
typography. 

Aerial photographs taken in 1957 indicated that improve
ments had been made to Tahos Road. The road had been 
widened, and a number of areas of sloughing were observed 
along the shoulders of the widened road . These failures were 
most likely due to heavy rainfalls that occurred in the area 
during the winter of 1957 (shortly before the photographs 
were taken). Photographs and county records indicate that a 
major fill embankment was placed into the swale area along 
the west side of Tahos Road to develop two level building 
pads along Tahos Road for home construction. Homes were 
subsequently built on these two lots and soon after Silverwood 
Court and the building pads along this roadway were graded. 
A home was built on Lot A; Lot B remained vacant. 

A major landslide occurred in the former swale area during 
the heavy winter rains of 1967 as shown in Figure 2. The homes 
previously on the two lots next to Tahos Road were either 
destroyed or removed from the property. The lateral scarp along 



110 

J ... ~ .... :.r ,,. 
I 

... 
I -APPROXIMATE SCALE (FEET) 

FIGURE 2 Lot plan. 

the northern edge of the slide extended very close to the rear 
of the home on Lot A. This lateral scarp was about 10 ft in 
height, and the main head scarp adjacent to Tahos Road was 
approximately 20 to 25 ft in height. The overall dimensions of 
the landslide were approximately 250 by 400 ft. 

The home on Lot B was built in the late 1970s. From 1967 
to the late 1980s, there was a slow sloughing and lateral migra
tion of the head and lateral scarps of the landslide, which led 
to the concern of the two homeowners on Silverwood Court 
that their houses or improvements might ultimately be threat
ened by future landslide movement or continued sloughing 
of the landslide margins. 

SUBSURFACE EVALUATION 

The mapping by Kachadoorian (2) indicated that the area of 
Silverwood Court and Tahos Road was clearly underlain by 
Orinda formation materials. It indicated that bedding in the 
area generally trended in an east-west direction and that a 
number of conglomerate beds crossed through the area. These 
beds seem to form the secondary ridge feature where Silver
wood Court was constructed and another secondary ridge 
feature along the southern limits of the swale. There was an 
absence of conglomerate beds shown within the swale, so the 
conglomerate beds seemed to form a structural control along 
the northern and southern boundaries of the swale feature. 

For the current investigation, both small- and large-diameter 
subsurface borings were extended into the landslide area within 
the two subject properties. Twelve small-diameter borings 
ranging from about 3 to 8 in. across were drilled using various 
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types of drilling equipment, depending on access require
ments. Selected samples from these borings were taken to the 
laboratory for testing. These borings were generally extended 
to depths of 10 to 60 ft. To further define the subsurface 
geologic environment, five 24-in. borings were drilled and 
downhole-logged by the engineering geologist. These borings 
generally extended to depths of approximately 15 to 30 ft. 
The locations of both the small- and large-diameter borings 
are shown on the site plan in Figure 3. 

The upper materials encountered in the borings generally 
consisted of silty and sandy clays, which included fill materials, 
natural residual soils, and old landslide debris. The clays con
tained abundant angular rock fragments, and often thin layers 
of soft, saturated clays were encountered in the thicker layers 
of stiff to very stiff clays. Various slickenside planes were noted 
in the softer clay materials. At the base of the fill embankment 
placed in the swale to create the building pads on Tahos Road, 
a layer of top soil was encountered at a depth of approximately 
25 ft. Generally, the clayey soils were underlain by 5 to 10 ft 
of highly weathered, soft-hardness claystone, siltstone, and 
sandstone bedrock. Some slide planes or slickensided surfaces 
were observed in these bedrock materials. These materials were 
underlain by moderately weathered bedrock and contained no 
obvious evidence of past shearing. 

Groundwater was encountered in several of the borings and 
caving of the large-diameter holes limited the logging by the 
engineering geologist. In several cases, groundwater rose to 
within 10 to 15 ft of the ground surface. Soil inclinometer 
casings were installed in five of the small-diameter borings, 
so longer-term groundwater monitoring was not possible in 
these holes. These casings were installed to provide future 
slope movement monitoring during the anticipated grading 
operations and subsequent heavy winter rainfall events. 

LABORATORY TESTING 

As noted above, three general categories of materials were 
encountered in the borings. These included clay soils (both 
native materials in-place and native materials placed as fill
most of which became landslide debris), highly weathered 
bedrock materials, and moderately weathered underlying 
bedrock. Typical properties obtained from laboratory testing 
and standard penetration resistance values, which were obtained 
during the sampling process, are presented in Table 1. 

In addition to the laboratory test data presented in Table 1, 
one direct shear test and one multistage, U-U triaxial test were 
performed on clay soils at field moisture content levels. The 
results of these additional strength tests are presented in the 
following table: 

Direct shear 
Triaxial (U-U) 

ANALYSIS 

Apparent Cohesion 
(kips/fi2

} 

0.27 
1.06 

Apparent Fricrio11 Angle 
(degrees) 

16 
10 

The landslide that occurred in 1967 appeared to conform to 
the pattern of landslides in the area described by previous 
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FIGURE 3 Site plan. 

investigators . This landslide was apparently structurally con
trolled by the geologic framework present in the area . The 
published geologic maps indicated that conglomerate beds 
were present along the north and south borders of the swale 
area . No conglomerate material was encountered in any of 
the subsurface studies within the landslide. Therefore, it 
appeared that the lateral limits of the landslide were con
trolled by stronger secondary ridges that were underlain by 
conglomerate . Not only did the geologic structure limit the 
extent of the landsliding, but the presence of the conglomerate 
beds (and, to a lesser extent, the presence of the sandstone 
beds) provided a source for significant infiltration of subsur
face water into the swale area during: heavy winter rains. The 

water weakened the natural soils, the highly weathered bed
rock underlying the fill embankment, and the clay soils in the 
embankment itself. The presence of slickensides within the 
natural clay soils and the highly weathered bedrock materials 
indicated that multiple slippage planes were present and the 
landslide may have been slowly developing over geologic time 
as the slippage surfaces became more defined and intercon
nected. With the added weight of the fill embankment, mass 
failure occurred. 

Laboratory strength measurements of the clay materials 
probably gave strength properties higher than the strength of 
the materials present at the time of the failure. This is a result 
of significant weakening because of increased water content 
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TABLE 1 MATERIAL PROPERTIES 

SOIL lllGHLY MODERATELY 
WEATiiERED WEATiiERED 

BEDROCK BEDROCK 

Range Average Range Average Range Average 

Standard 4-30 14 27-88 49 70- >100 >100 
Penetration 
Resistance 
(Blows/Foot) 

Water 12-25 18 12-20 17 11}-18 15 
Content(%) 

Plasticity 25-41 30 
Index(%) 

Liquid Limit 42-59 49 . . 
(%) 

Unconfined 1.3-4.5 3.0 -
Compressive 
Strength 
(Kips/Square 
foot) 

during heavy rainy winters and the slow decline toward resid
ual strength on the slide planes. Previous analyses of the soil 
and bedrock failures in the Orinda formation were performed 
by Duncan ( 4). Using back analysis with charts by Taylor (5), 
he assumed a friction angle of 20 degrees and found that a 
fairly consistent cohesion intercept of 20 and 55 psf would be 
obtained for soil and bedrock at failure, respectively, in the 
Orinda formation. Using an assumed friction angle of 10 degrees 
in soil, he also found that the back-analyzed cohesion nec
essary for stability varied from about 75 psf for a slope 8 ft 
high to about 200 psf for a slope 25 ft high. It should be noted 
that these values are not the fundam ental properties of the 
soil but simply empirical coefficients whose values reflect the 
behavior of the soil and bedrock under the particular climatic 
conditions of the area. A comparison of our laboratory test 
data to the back-analyzed strength values indicated that the 
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laboratory test values provided a significant overestimation 
of the strength of the soil along the shear plane at the time 
of failure for the reasons mentioned earlier. 

The focus of the investigation was to provide increased 
stability to the area immediately behind the two homes on 
Silverwood Court. It was clear that the stabilization of the 
entire landslide was not economically possible for the two 
landowners and that a complete repair would also involve the 
coordination and cooperation of multiple homeowners in the 
area. Therefore, the repair analysis concentrated solely on 
the portion of the landsliding within the two subject lots and 
recognized that the remainder of the landslide might reacti
vate. Using the back-analyzed strength values from Duncan 
( 4), analyses indicated that the lateral margin of the landslide 
would continue to fail even if the main slide mass did not 
displace significantly. The scheme chosen involved installing 
a buttress fill along the rear of the two properties. Because 
of the relatively high strength of the moderately weathered 
bedrock materials, it was decided that adequate stability could 
be achieved by notching or keying and benching into these 
materials and installing subsurface drainage blankets to collect 
subsurface water flow. Analyses of the mass stability of a 
failure plane immediately behind and below the buttress fill 
and the stability of a potential failure plane through the but
tress fill were conducted, and both yielded satisfactory factors 
of safety. An idealized cross section taken through Lot A is 
shown in Figure 4 and illustrates this buttress-fill concept. 

PROJECT CONSTRUCTION 

Grading to create the buttress fill begin in summer 1988. The 
initial excavation extending into moderately weathered bed
rock was performed first. It was found that significant vari-

60 

I 

A' 
(South) 

Ground Surface Following 
Remedial Grading 

,,. d ~ .. . .. .... . 

B-6 

! 
Orlginel Ground 

Surface 

Fill 

- -7 

Sllde Debris ~ ....... 
~ · ...... .. 

~f · ··..... Primary 
·~ ...... 
~ ....... .... Sllde Plane 
' 'l•~ 

-----..._ Native Ground ? 
? ........_ 

Bedrock 

APPROXIMATE SCALE (FEET) 

FIGURE 4 Idealized cross section. 



Kropp and Thomas 

ation in the depth of the bedrock occurred between boring 
locations. Whereas the moderately weathered bedrock was 
encountered in the keyway (lowest notch) at a depth of about 
30 ft at the boring locations as predicted, the bedrock dipped 
to as deep as 50 ft below the existing ground surface between 
the borings. The excavation work was performed with bull
dozers and front-end loaders that continued to shave the side 
slopes of the excavation back as it became progressively deeper. 
A drainage blanket was installed in the bottom of the keyway. 
This blanket consisted of a 4-in.-diameter ABS pipe sur
rounded by a 12-in. layer of 1/z- to Y4-in. clean gravel, which 
was encircled by a nonwoven, polyester geotextile. To provide 
gravity-flow discharge for water collected in the drainage blan
ket that was placed in the bottom of the keyway, hydrauger 
pipes were drilled from downslope to connect to these drain
age blankets. Two additional notches or benches were made 
upslope of the keyway. The native soils and bedrock that 
were excavated at the site were stockpiled and moisture
conditioned for reuse as fill. These materials were placed in 
thin layers and compacted to at least 90 percent relative com
paction (in accordance with ASTM 1557-78) . The majority of 
the work was completed within 2 months. Surface drainage 
measures were also provided on top of the buttress fill, and 
erosion-resistant vegetation was planted. 

The owners of the project did not notify the grading con
tractor of the presence of slope inclinometer pipes before 
commencement of grading. Therefore, the final monitoring 
of most of these inclinometer pipes occurred before they were 
destroyed by the major excavations, and no movement was 
recorded during that period. Subsequent financial concerns 
by the owners have eliminated any readings of the slope incli
nometer following the completion of the grading work. 
Although the area has endured drought-type conditions since 
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the grading work was completed, no obvious indications of 
movement have been observed in the buttress fill. 

SUMMARY AND CONCLUSIONS 

Stabilization of the rear slopes behind two residences became 
necessary when ongoing sloughing of the lateral scarp of a 
large landslide occurred. Literature about the geologic char
acteristics of landslides in the area provided general insights 
into the landsliding. Site-specific studies indicated that a but
tress fill would stabilize the rear yards, even if new movements 
occurred in the rest of the landslide. The remedial grading 
work to install the buttress fill was completed in 1988 and has 
performed satisfactorily to date. 
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Case Histories of Landslide Stabilization 
Using Drilled-Shaft Walls 

KYLE M. ROLLINS AND RALPH L. ROLLINS 

The Manning Canyon shale formation underlies many of the slopes 
adjacent to the Wasatch mountain range near Provo, Utah. The 
climate in Utah is relatively dry, so the strength of the shale is 
normally sufficient to prevent slope instability. During wet periods, 
however, the shale exhibits a significant decrease in strength that 
has led to a number of landslides. One method that has been 
employed to stabilize some of the slopes is the installation of 
closely spaced drilled shafts. Successful application of this 
stabilization procedure requires (a) accurate evaluations of the 
geometry and strength of the materials composing the slope, (b) 
reasonable evaluations of the location of potential failure surfaces, 
( c) estimations of the horizontal force required to increase the 
factor of safety against sliding to a suitable value, and (d) design 
and construction of drilled shafts capable of resisting the required 
horizontal force. The application of the method is illustrated with 
the use of several case histories for slopes on which slides have 
developed. Continued sliding threatened homes upslope and closed 
roadways to traffic. The success of the stabilization technique was 
recently proved in one of the cases in which the slope behind the 
drilled-shaft wall became wet. Although a slide developed in the 
slope immediately adjacent to the wall, the slope behind the wall 
has remained stable. Damage to the homes and roadways because 
of the movement of the slides has been arrested since the walls 
were constructed. 

During the past 15 years, considerable development has taken 
place on the western slopes of the Wasatch mountain range 
in northern Utah. Unfortunately, many of these slopes east 
of Provo, Utah, are underlain by the Manning Canyon shale 
formation. This formation is known to exhibit significant 
decreases in strength following wetting, and it is frequently 
associated with landslides. Because the climate in Utah is 
relatively dry (annual precipitation is typically less than 20 
in./year) the strength of the shale is normally high enough to 
prevent slope instability. During wet periods, however, the 
decrease in strength has frequently led to landslides. For 
example, during the period from 1981 to 1984, precipitation 
ranged from about 150 to 200 percent of the normal (J) and 
many landslides developed in the foothills east of Provo. In 
most cases, the Manning Canyon shale or residual soils derived 
from the shale were found to be responsible for the sliding. 

One method that has been used to stabilize some of the 
slopes is the installation of closely spaced drilled shafts. The 
successful application of this procedure has been described 
by several investigators (2,3). In contrast to conventional con
crete cantilever and counterfort walls, drilled shafts are capa
ble of more economically resisting large lateral forces. Drilled 
shafts can easily be passed through the failure surface, and 
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they can be constructed without excavating the toe of the 
slope and exacerbating the sliding problems. Recent cost com
parisons between drilled-shaft walls and conventional walls 
at sites in Utah indicate that a savings between 40 and 50 
percent can be expected. 

In order for the drilled-shaft stabilization procedure to be 
successfully employed, it is necessary to (a) make accurate 
evaluations of the geometry and strength of the materials 
comprising the slope, (b) make reasonable evaluations of the 
location of potential failure surfaces, (c) make estimations of 
the horizontal force required to increase the factor of safety 
against sliding to a suitable value, and (d) design and construct 
drilled shafts capable of resisting the required horizontal force. 

The principles and methods used in the analysis will be 
discussed in general terms, and then the application of the 
procedure will be illustrated with several case histories. Two 
of the case histories involve slopes on which shallow failure 
surfaces developed. The sliding caused significant damage to 
homes upslope from the slides; continued sliding threatened 
to destroy the homes. The slides also moved into adjacent 
roadways and caused disruption of traffic. Drilled-shaft walls 
were installed along with drainage systems and the homes and 
roadways were repaired. Two additional case histories involve 
much larger landslides, which damaged roadways but did not 
directly affect houses. Drilled-shaft walls have been designed, 
along with other measures, to stabilize these slopes. 

GENERAL PROCEDURE 

Evaluation of Geometry and Strength of 
Materials Composing Slope 

The profile of the slope before failure was initially approxi
mated on the basis of available topographical maps. However, 
in some cases cutting and filling operations associated with 
construction of the houses had changed the geometry signif
icantly. In these cases it was necessary to use old photographs. 
construction plans, and eye-witness accounts to reconstruct 
the slope profile. Profiles of the failed slopes were determined 
using conventional surveying techniques. 

The subsurface profile along the length of the slide was 
determined by drilling a number of boreholes that extended 
through the failure surface and into the more intact shale 
formation at depth. The shale boundary was generally found 
to be rather irregular, and this irregularity may be a result of 
previous landslides or normal faulting on the Wasatch fault 
in the immediate vicinity. Undisturbed samples of the cohe
sive overburden material were obtained using 2.5-in. diameter 
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thin-walled shelby tubes. Miniature vane shear tests were per
formed on each sample in the field and unconfined compres
sion tests were conducted in the laboratory. 

Disturbed samples were obtained in cohesionless overbur
den using a standard split-spoon sampler. In addition to stan
dard penetration testing, testing in these materials was limited 
to grain-size analysis. The boreholes were generally extended 
10 to 20 ft into the intact shale, and core samples of the shale 
were obtained for compression testing . The range of undrained 
strengths typically involved for the various material types 
encountered are shown in Figure 1. Companion tests on wet 
and dry samples of the residual clays indicate that the undrained 
shear strength at saturation is only about 30 percent of the 
strength at its normal moisture content. 

Evaluation of Location of Potential Failure Surfaces 

Because all cases involved active landslides, the locations of 
the head and toe of the slide were known . During drilling 
operations an engineering geologist was present to log the 
hole and estimate, if possible, when the failure surface was 
located . Based on field observations, the subsurface profile, 
and the shear strength test data, it was normally possible to 
make a reasonable estimate of the location of the failure 
plane . For the larger landslides, the failure plane appeared 
to follow the boundary of the shale layer ; for the smaller 
slides the failure was located within the residual clays above 
the shale boundary. 

The average strength on the failure surface was evaluated 
by back-calculating the strength necessary to produce a factor 
of safety of 1.0 using Spencer's method of stability analysis, 
which satisfies both force and moment equilibrium. The com
puter program SSTABl was used to perform the analyses (4). 
Both circular and noncircular failure surfaces were used in 
the analyses. The critical failure surface was generally in good 
agreement with field observations, and the back-calculated 
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strength compared favorably with the low end of the range 
of laboratory test data. 

Determination of Horizontal Force Required To 
Increase Factor of Safety Against Sliding 

Once the soil profile and strength properties had been defined, 
the force required to increase the factor of safety against 
sliding to acceptable levels was determined. Horizontal forces 
were applied to the slope at locations where the drilled-shaft 
walls were to be located and slope stability analyses were 
performed. The analyses were performed again for potential 
circular and noncircular failure surfaces. Variations in the 
reconstructed slope angle and horizontal force were made 
until the computed minimum factor of safety for static con
ditions was between 1.4 and 1.5. 

Although the sites are near the Wasatch fault , a formal 
evaluation of the wall under seismic loading was not consid
ered necessary for several reasons. First, the probability of 
an earthquake on the Wasatch fault is less than 10 percent 
for a 50-year period , and-considering the dry climate of 
Utah-the likelihood is very small that the soil would be at 
a critical degree of saturation at the same time an earthquake 
occurred. Second, none of the soils involved were susceptible 
to strength loss because of earthquake shaking and therefore, 
a flow slide was not possible. Finally, the horizontal force on 
the wall already included a safety factor of 1.5, and this force 
was subsequently multiplied by a load factor in designing the 
shaft as will be described . Thus, a significant seismic force 
could be tolerated before any sizable deformations would be 
expected. 

Design and Construction of Drilled Shafts Capable 
of Resisting Required Horizontal Force 

The required horizontal force per foot of length was multiplied 
by the center-to-center spacing to provide the horizontal force 
acting on each shaft. On the basis of the required force, the 
necessary embedment below the failure surface and the max
imum moment in the shaft were computed using Bro ms' method 
for free-headed piles (5, 6). The shaft was then designed to 
resist the computed maximum shear force and bending moment 
multiplied by a load factor of 1.6. This load factor was nec
essary because the concrete design used was based on the 
ultimate strength method, which follows American Concrete 
Institute (ACI) code requirements. Computations for the 
required reinforcement were simplified by treating the shafts 
as if they were square beams that fit entirely within the diam
eter of the shaft. 

The shafts were typically 2 to 3 ft in diameter , and the free 
space between adjacent shafts was generally 4 to 6 ft. The 
shafts were designed to penetrate into the intact shale layer 
at a depth where the undrained strength of the shale was 
relatively high. To construct the shafts, holes were excavated 
through the slide material using conventional drilling, the 
reinforcing steel was placed, and the shaft was back-filled with 
concrete. After construction of the drilled-shaft walls, the 
slope was reconstructed to a specified inclination. 
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CASE HISTORY I-WINDSOR DRIVE SLIDE I 

Slide Description 

A plan view of the slide mass in relation to the house and 
Windsor Drive is shown in Figure 2. The house is on a hillside 
approximately 20 to 25 ft above the elevation of Windsor 
Drive. A steep slope extends from the front of the house to 
the east side of Windsor Drive. Above-normal precipitation 
and poor drainage allowed the subsurface soils to become 
wet, and a slide occurred in the slope immediately in front of 
the home. The head of the slide in front of the house was 
well defined and the toe of the slide intersected the asphalt 
paving on the east side of Windsor Drive. As a result of the 
slide, the southwest corner of the house settled several inches 
and caused a large crack in the basement floor. The outside 
edge of the front porch settled and pulled away from the 
house. The driveway, which extended diagonally up the hill 
in front of the house, was displaced and broken, and a cinder 
block retaining wall was sheared in two and carried down the 
hillside . 

Subsurface Soil and Water Conditions 

Four boreholes were drilled into the bedrock at locations 
shown in Figure 2. A cross section through Boreholes 1, 2 
and 4 is shown in Figure 3. The subsurface profile generally 
consisted of a brown to black clay that graded into a dark 
brown to black Manning Canyon shale. The clay material 
above the shale has principally been derived from the weath
ering of the parent material. The clay classified as a CL mate
rial using the unified soil classification system, and the plastic 
index ranged from about 15 to 30 percent. No static water 
table was.encountered in any of the test holes ; however , the 
clays were very moist, and experience has shown that seeps 
frequently occur in the fractures of the Manning Canyon shale. 
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FIGURE 2 Plan view of Windsor Drive Slide 1 and 
drillhole locations. 
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FIGURE 3 Profile through Windsor Drive Slide I. 

Stability Analyses 

The shear strength of the shale layers consistently exceeded 
2,500 psf, the strength of the clay was fairly erratic and varied 
from 200 to 2,000 psf. Because the failure surface was approx
imately known, it was possible to estimate the shear strength 
corresponding to a factor of safety of 1.0. For an assumed 
shear strength, the critical factor of safety was determined for 
potential circular surfaces passing through the toe of the slide. 
The safety factor became equal to 1.0 when an undrained 
shear strength of 270 psf was specified. 

For the same strength values, a search was made for the 
critical noncircular failure surface, assuming that the failure 
occurred along the clay-shale interface. The search procedure 
employed the method proposed by Celestino and Duncan (7). 
The safety factor for the noncircular failure case was 20 per
cent higher than that for the circular failure case , so it was 
concluded that a circular failure mode was more critical. This 
finding also agrees with the shape of the slide. 

Stabilization Measures 

Additional stability analyses were conducted for potential fail
ure surfaces through the reconstructed slope to determine the 
horizontal force necessary to stabilize the slope. It was deter
mined that a horizontal force of 7 ,000 lb/ft of wall applied at 
the location shown in Figure 2 would bring the factor of safety 
up from 1.0 to 1.5. Based on Broms' method (5,6) it was 
determined that the shafts should extend to a depth of 15 ft 
in the intact shale a center-to-center spacing of 6 ft. On the 
basis of shear and moment requirements , 2-ft-diameter shafts 
and four #10 steel reinforcing bars were specified. The loca
tions of the drilled-shafts in plan and profile are shown in 
Figures 2 and 3. The cost of the wall was estimated at about 
$160/ft of wall, a total cost of about $14,400. Because the cost 
of the wall was a small fraction of the total value of the house 
and few other alternatives for stabilization were available, the 
drilled-shaft wall was constructed. 

After construction of the drilled-shaft walls, the slope was 
reconstructed to its original inclination and thin concrete panels 
were placed between the shafts above ground level. These 
panels, which did not exceed a height of about 4 ft , were 
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FIGURE 4 View of completed drilled-shaft wall with landslide 
developing immediately adjacent to it. 

intended to prevent surface erosion that might not be con
trolled by soil arching. In addition to the shaft wall, a 10-ft
deep interceptor drain was constructed across the back side 
of the house as shown in Figure 2. A perforated 4-in. PVC 
drainpipe was placed at the bottom of the trench and extended 
to the roadway at the base of the slope. A photograph of the 
completed wall is shown in Figure 4. 

The success of the stabilization procedure was recently proved 
when the slope behind the drilled-shaft wall became wet because 
of heavy spring rains and a leaky sewage line that had not been 
completely repaired in the reconstruction of the hillside. A slide 
similar in magnitude to the original slide developed in the slope 
immediately adjacent to the wall and moved onto the street. 
The stark contrast in the hillside performance at the interface 
between the slide mass and the wall is shown in Figure 5. Clearly. 
without the presence of the shaft wall, the slope in front of the 
home would have once again failed. Although the soil behind 
the wall became nearly saturated, the slope has remained stable 
and there are no signs of distress in the shafts. Structural damage 
to the home because of movement of the slide has been arrested 
since construction of the shafts. 

CASE HISTORY 2-WINDSOR DRIVE SLIDE 2 

Slide Description 

Within a year of the original slide desc1ibed in Case History 1, 
a similar slide began to move in front of another house several 
hundred ft away. A plan view of the slide mass in relation to 
the existing house is shown in Figure 6. The house consists of 
a basement and two levels above the ground surface. The topog
raphy in this area slopes steeply toward the west; a level site 
for the facility was developed by cutting into the hillside. A 
profile showing the original ground surface and the ground sur
face prior to slope failure is shown in Figure 7. 

The intersection of the slip plane with the ground surface 
appears to be located a few feet east of the western side of 
the house . Slip plane traces could be seen on both the north 

FIGURE 5 View of slide mass with drilled-shaft wall 
in background. 
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and south side. A major north-south crack developed along 
the basement floor directly behind the western wall and exhib
ited considerable vertical displacement. Differential move
ment between the north and south corners at the first-floor 
level was more than 3 in., and cracking of the basement walls 
was also evident. Cracking of the brickwork was also observed 
in front of the house and on the north and south sides. Slide 
movements in front of the house had significantly disrupted 
sidewalks, steps, and a retaining wall made from wood rail
road ties. Bulging of the asphalt pavement on Windsor Drive 
directly adjacent to the easterly curb of the street suggested 
that the slide terminated in this area . 

Site Characterization and Stability 

To evaluate the stability of the site, four test borings were 
drilled to depths between 20 and 60 ft. as shown in Figure 6. 
The locations of these holes in profile and the soil stratigraphy 
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FIGURE 7 Profile through Windsor Drive Slide 2. 

at the site are shown in Figure 7. The subsurface profile gen
erally consisted of gray to black clay that graded into Manning 
Canyon shale. However, the steep slope behind the house 
was composed largely of a brown clay with a markedly lower 
plasticity index. 

Although groundwater was not encountered in any of the 
boreholes, the black clay in the vicinity of the slide was 80 to 
90 percent saturated. The undrained strength generally varied 
from around 400 psf near the ground surface to about 1,200 
psf at a depth of 20 ft; however, samples obtained near the 
failure surface had undrained strengths of about 300 psf. Slope 
stability analyses determined that a factor of safety of 1.0 was 
obtained for an average shear strength of300 psf. The location 
of the critical failure circle is shown in Figure 7; it may be 
seen that it closely approximates the observed failure surface. 
It is interesting to note that the undrained strength and failure 
mode in this case are very similar to the previous case history. 

Stabilization Measures 

The undrained cohesion of 300 psf was subsequently used in 
stability analyses to calculate the magnitude of the lateral 
force acting on the downhill face of the slide necessary to 
increase the factor of safety from 1.0 up to 1.5. It was deter
mined that a force of 8,100 lb/linear-ft of wall would be required. 
On the basis of horizontal force, 2-ft-diameter shafts spaced 
at 6 ft on centers were specified. The shafts extended 12 ft 
into the subsurface profile at the location shown in Figure 7. 
This embedment depth was beyond the observed failure sur
face at the base of the slide. The investment in the drilled
shaft wall was considered worthwhile because it restored the 
original value of the property at a small fraction of the original 
cost of the structure. 

In addition to the drilled-shaft wall, other measures to 
improve stability included channeling runoff from roof drains 
into pipes that were carried to the street level and the instal
lation of a shallow interceptor drain along the front of the 
house. The house itself was then repaired, and no additional 
distress has been observed even though slides in the imme
diate vicinity of the house have occurred. 

CASE HISTORY 3-MILE HIGH DRIVE
IMPERIAL WAY SLIDE 

The previous case histories involved small shallow slides adja
cent to structures, the following case histories involve some
what larger landslides. 

Slide Description 

The general location of the slide area between Mile High 
Drive and Imperial Way is shown in Figure 8. The head of 
the slide intersects nearly all of Mile High Drive, and the toe 
of the slide is located on the easterly edge of Imperial Way. 
Both roadways were closed because of the slide. The topog
raphy of the slide area is also shown in Figure 8, and a profile 
through the center of the slide is shown in Figure 9. The 
location of two small drainage channels east of Mile High 
Drive, designated as "A" and "B," are also shown in Figure 
8. Before construction of the roadway, water from these 
drainage channels flowed down a depressed area to the south 
of the slide and was carried downslope. With the construction 
of the roadway, the drainage path was interrupted and water 
from both drainages seeped into the subsurface material in 
the general slide area. Following heavy runoff the slide moved 
downslope about 15 ft. 

Site Characterization and Stability 

The characteristics of the subsurface material throughout the 
slide area were defined by drilling four test holes to depths 
varying from 14 to 40 ft as shown in Figures 8 and 9. It should 
be noted that the Manning Canyon shale was encountered in 
each of these test borings at depths varying from 9 to 36 ft 
below the ground surface. The location of the overburden 
and shale materials are shown in Figure 9. The overburden 
generally consisted of gravelly sand and clayey gravel over
lying a 6- to 8-ft-thick layer of residual clay above the shale. 
Groundwater was encountered in every boring. The water 
table was typically 25 ft above the shale interface near the 
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head of the slide but just a few feet above the shale elevation 
at the base of the slide. 

The location of the shale surface along with the ground
water conditions and the characteristics of the overburden 
material strongly suggest that the failure surface is in the 
vicinity of the interface between the overburden and the shale. 
Assuming that the failure surface lies near the clay-shale inter
face and that the factor of safety against sliding is equal to 
1.0, a stability analysis was performed to determine the aver
age shear strength along the failure surface. Assuming undrained 
conditions in the clay-shale, the results of the stability analyses 
indicate an undrained shear strength of about 750 psf. At the 
head and toe of the slide the failure surface passes through 
the overburden material. The groundwater level shown in 
Figure 9 was taken as the piezometric surface for the granular 
soils. The unit weight and strength parameters used for the 
overburden material are shown in Figure 9. The results were 
not highly sensitive to small variations in these properties. 

Stabilization Measures 

The stabilization measures for this slide called for (a) instal
lation of a 24-in.-diameter storm drain to carry the flow from 
the drainage channels away from the slide, (b) a 3-ft-wide 
interceptor drain back-filled with coarse concrete aggregate 
to a depth of 10 ft, and (c) a line of drilled shafts extending 
across the slide zone on the west side of Mile High Drive. 
Stability analyses indicated that a drilled-shaft wall near the 
toe of the slide would produce an increase in the factor of 
safety of Jess than 10 percent for the entire slope; however, 
a drilled shaft wall at the top of the slope could provide 
significant resistance and protect the upper roadway from 
future sliding. Based on the back-calculated strength values, 
stability analyses indicated that the drilled shafts adjacent to 
the roadway would need to provide a resistance of 7 ,000 lb/ 
linear-ft to provide a factor of safety of 1.5 against sliding of 
the upper wedge of the slide. 

The shafts were designed to penetrate through approxi
mately 30 ft of overburden and 15 ft into the shale itself. The 
concrete shafts were 2.5 ft in diameter and were spaced at 5 
ft on centers. Reinforcing consisted of four #11 bars. Move
ments of the slide have been minor since the construction of 
the stabilization measures. 

CASE HISTORY 4-0AK HILLS SLIDE 

Slide Description 

A plan view of the Oak Hills slide is shown in Figure 9. This 
slide is located at the toe of a large ancient landslide near the 
base of Provo Mountain. Although the topography next to 
the slide is shown in Figure 10, the topography of the slide 
zone immediately before the slide occurred is uncertain. Con
struction was under way to prepare a level pad for a house 
and an access road up to the house. On the basis of photo
graphs, eyewitness accounts, and volume comparisons with 
the slide debris, the best estimate of the original profile through 
the slide is shown in Figure 11. The slide was about 400 ft 
long and 100 ft wide. The scarp formed by the slide was more 
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than 40 ft high and the slide moved more than 70 ft laterally. 
The slide threatened to engulf an adjacent home before com
ing to equilibrium approximately 10 ft in front of it. 

Site Characterization and Stability 

To define the soil profile and the probable location of the 
failure surface, it was necessary to drill four borings at the 
locations shown in Figure 11. Three of the borings penetrated 
the intact Manning Canyon shale, and the fourth boring, located 
at the bottom of the slide, did not. On the basis of the borings, 
the approximate location of the shale boundary is shown in 
Figure 11. It should be noted that the shale boundary is not 
a simple linear feature because previous landslides have dis
placed the shale. The material above the shale generally con
sists of low-plasticity gravelly silt and silty gravel. In addition 
to the intact shale zone , photos taken by a geologists before 
the slide showed a mass of shale with granular material above 
and below it was exposed in one of the lower cuts. It is theo
rized that the failure surface followed this detached shale layer 
and then ran along the shale interface and finally ruptured 
through the overburden as shown in Figure 11. No ground
water was encountered in any of the holes , but the soils were 
approaching saturation. 

An examination of the cores in the shale indicated that they 
were highly fractured with zones of relatively hard shale 
interbedded with relatively soft layers. The plastic index of 
the shale ranged from 5 to 18, and the unconfined compressive 
strength varied from 1,500 to 4,900 psf. Thus, if the failure 
plane moved through the weakest zones, the shear strength 
would be about 750 psf. Stability analyses were conducted to 
determine the strength of the shale interface that was required 
to produce a factor of safety of 1.0. Assuming a reasonable 
range of values for the strength and unit weight of the granular 
zones above the shale (see Figure 11), the back-calculated 
strength of the shale interface was found to be between 700 
and 900 psf. This strength is in good agreement with labo
ratory results and the interface strength that was determined 
for the Mile High Drive slide. 

Stabilization Measures 

The stabilization evaluation assumed that the slide mass would 
be removed from the roadway and that the slope would be 
cut back from the edge of the roadway to provide a stable 
slope. A number of alternatives were investigated and stability 
evaluations made for both circular and noncircular failure 
surfaces. The strength of the shale interface was assumed to 
have a value of 800 psf, which was based on back calculations 
and laboratory test results. For the case with the slope cut 
back to an inclination of about 1. 75 H to 1.0 V, the factor of 
safety was 1.35. The addition of a horizontal force of 10,000 
lb/linear-ft increased the factor of safety to 1.5. This force 
could be provided by using 3-ft-diameter shafts spaced at 6 
ft on centers . The shafts would need to extend to a depth of 
15 ft into the shale at the base of the slide . An interceptor 
drain was also recommended for the uphill side of the slide. 
It should be noted that because of the volume of the slide 
mass involved, the drilled-shaft wall, in this case, produced 
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relatively small increases in the factor of safety against sliding 
even though the design forces were greater than in the first 
two cases. Legal issues concerning responsibility for the slide 
have delayed any actions regarding repair of the slide for more 
than 8 years, during which time the roadway has been blocked 
to traffic. 

CONCLUSIONS 

1. Drilled-shaft walls when used in combination with appro
priate drainage provisions can be a practical, effective, and 
reasonably economical means of stabilizing small to medium
size landslides such as those discussed in the first two case 
histories-slope heights less than 30 ft and slope lengths less 
than 60 ft. 

2. Significant increases in the factor of safety (from 1.0 to 
1.5) are possible for small slides, but only moderate increases 
can be expected for larger slides such as those discussed in 
the next two case histories-slope heights of 80 ft and slope 
lengths of 200 ft. 

3. The design of the shaft walls for landslide control requires 
a relatively good understanding of the mechanism controlling 
the slope failure, the strength of the soil, and the force distri
bution on the shaft. 
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Bud Peck Slide, Interstate 15 near 
Malad, Idaho 

SuNIL SHARMA AND TRI Buu 

In May 1983, the two northbound lanes on Interstate 15, 
approximately 8.6 mi north of Malad, Idaho, were destroyed; a 
case history of the embankment failure is described. Details about 
the site investigation, dewatering, and final permanent repair are 
discussed as is the monitoring program that has spanned 7 years. 
The failure, known as the Bud Peck slide, followed an abnormally 
wet season. The damaged highway slumped an average of about 
20 ft over a 500-ft length. A temporary diversion allowed traffic 
to pass around the failed area while studies were being conducted 
to investigate the cause of the failure and possible remediation 
plans. A site investigation consisting of 17 borings and shallow 
test pits and the installation of five slope inclinometers, which 
also served as groundwater observation wells, was quickly 
performed to determine the mechanisms that might have caused 
the embankment failure. The data from the borings indicated 
that the embankment, constructed in 1970, was placed on a 2- to 
3-ft sand blanket overlying a deep residual clay layer. The slope 
indicator data identified a slip plane 3 to 5 ft into the clay layer. 
It appears that the buildup of pore water pressures in the 
embankment, due to an inadequate drainage layer, may have 
caused failure of the slope. On the basis of the available information, 
several alternatives, including a rock buttress, a sand and gravel 
fill, and a lightweight fill, were considered as a permanent solution. 
To lower the groundwater levels, horizontal drains were installed 
in 1983, and the final repairs used a lightweight pumice fill for 
embankment reconstruction in 1985. The use of the pumice fill 
provides a calculated factor of safety against slope failure of 1.3. 

In July 1982, cracking was noted in the pavement of a 500-
ft section of the two northbound lanes of Interstate 15, 8 mi 
north of Malad, Idaho (see Figure 1). This distress occurred 
in 1982 after an unusually wet season in which precipitation 
amounts were about 100 percent above normal. The pavement 
continued to crack and slump during 1982 and after another 
abnormally wet spring in 1983, it collapsed in early May 1983. 
Figure 2 shows a view, looking to the south, of the failed 
section of the embankment, as observed near Station 297 + 00 
in May 1983. After the failure, the pavement for the two lanes 
dropped approximately 15 and 25 ft at the north and south 
ends, respectively. 

At this location, I-15 is at an elevation of about 5,430 ft and 
ascends gradually toward Malad Summit (Elevation 5576). The 
highway is constructed of an 8-in. layer of continuously rein
forced concrete pavement overlying a 4-in.-thick layer of cement
treated base over an embankment of silty clay fill. The embank
ment averages a height of approximately 45 ft and has slopes 
angled at 2:1 (horizontal:vertical). The northbound lanes are 
located on the highest part of the embankment. 

S. Sharma, Department of Civil Engineering, University of Idaho, 
Moscow, Idaho 83843. T. Buu, Idaho Transportation Department, 
P.O. Box 7129, Boise, Idaho 83707. 

Because both northbound lanes of this vital link between 
Salt Lake City and Pocatello were disrupted by the cracking 
in 1982, the Idaho Transportation Department quickly pre
pared a plan for the design of remedial works. To allow north
bound travel, a temporary paved roadway was quickly con
structed in the central median area. At the same time a site 
investigation was being performed to determine the cause of 
the cracking and slumping. 

SITE INVESTIGATIONS 

The site investigation program was started in August 1982. It 
consisted of 17 borings and shallow test pits and the initial 
installation of five slope indicators to monitor the behavior 
of the embankment. The location of the test borings and slope 
indicator locations is shown in the sketches presented in Fig
ures 3 and 4. Additionally, to investigate ground movements, 
three survey lines were established to supplement the slope 
indicator data. There was also some concern about the sta
bility of the entire area and therefore eight additional slope 
indicators were installed to monitor the movement of a much 
larger portion of the hillside. 

As part of the site investigation program, six siphon wells 
were also installed upslope from the distressed embankment 
to lower the groundwater levels. Such siphons, consisting of 
PVC pipe inserted into a shallow boring, provide an effective 
and economic method to lower the groundwater level 10 to 
15 ft as long as there is an adequate elevational drop. How
ever, these siphons must be initially primed to start the flow 
of water and do require regular monitoring to ensure that the 
exit pipes are operating properly. In order to monitor the 
operation of the siphons, two observation wells (OW-1 and 
OW-2) were drilled, west of the southbound lanes. All other 
borings were also used as open standpipes for monitoring 
groundwater levels at the site. 

SOIL CONDITIONS 

The site investigations provided information concerning the 
subsoil profile and the groundwater conditions. Representa
tive soil samples were also tested in the laboratory to deter
mine typical strength and compressibility parameters. 

Subsoils 

The subsoil at the site consists of silty clay fill material and 
the 2- to 3-ft-thick sand layer from the original embankment 
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overlying the natural clay soils as shown in Figure 5. The silty 
clay fill was used to construct the embankment in 1970 and 
had an approximate unit weight of 120 lb/ft3 and estimated 
effective shear strength parameters of cf>' = 25 degrees and 
c' = 0. 

The underlying natural material consists of weathered rhyolite 
that has decomposed to a gravelly clay residual soil near the 
surface. With increasing depth, these surface materials are 
less weathered and show consistent increases in strength and 
unit weights. The water content of the natural clayey soils in 
the upper 10 ft ranged between 27.7 and 32.4 percent. The 
Atterberg limits for the fine fraction of these soils generally 
ranged from 40 to 56 for the liquid limit, and the plasticity 
index varied between 22 and 33. Direct shear test revealed 
that the natural soils had the following range of shear strength 
parameters: 

Peak strength 
Residual strength 

Groundwater Conditions 

<P' (degrees) 

2-17 
1-17 

c' (ksf) 

0.6-1.2 
0.0-0.7 

The groundwater measurements as expected, revealed the 
effects of the higher than normal precipitation. The ground
water levels measured at the end of September 1982, are 
shown in the subsurface profile shown in Figure 5. Some 
temporary artesian conditions were also encountered for wells 
in the sand blanket under the southbound lanes. This con
dition was probably due to the inability of the sand blanket 
to adequately drain the infiltrating water. Thus water backed 
up in the slope, and its presence was confirmed by the artesian 
conditions found at the end of September 1982. 

Slope Indicator Data 

For the locations shown in Figure 4, the slope indicator data 
for readings obtained during November 1982 are shown in 
Figures 6 and 7. The data for locations SI-1 and SI-5 at the 
crest of the slide (Figure 6) indicate the existence of a potential 
failure plane below the sand-fill blanket. It appears that there 
is considerable movement 50 to 60 ft below the surface, or 5 
to 10 feet below the sand blanket. At location SI-1 and SI-5 
movements of up to 2 in. were measured between November 
17 and 26, 1982. The increasing rate of movement for SI-1 
and SI-5, as shown in Figure 6, suggests that the slope mass 
was unstable and appeared to be moving rapidly. Supporting 
evidence regarding the location of the failure plane was also 
provided by the slope indicator data for SI-2 and SI-3, located 
near the toe of the embankment, as shown in Figure 7. Unfor
tunately, the observations made at slope indicator sites, SI-2 
and SI-3, were small and generally inconsistent as the base 
of the slope indicator does not appear to have been anchored 
into a stable zone. 

Two slope inclinometers, SI-4 and SI-6, were also installed 
to monitor movements below the southbound lanes. Data 
collected at these two locations are shown in Figures 8 and 
9. The data from SI-4 (Figure 8) indicate small movements 
that suggest a sliding plane approximately 32 ft below the 
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FIGURE 6 Slope indicator data for SI-1 and SI-5 at crest of embankment. 

pavement surface. The data from SI-6 (Figure 9) indicated a 
movement of about 1.3 in. at the surface in early 1983, but 
the movement appeared to have stabilized after that initial 
slip. However, the actual movements at the slip plane are less 
than Y2 in. because again, the slope indicators were not anchored 
in a stable zone. Overall, these movements were small and 
the southbound lanes were considered to be fairly stable. 

The slope indicators were originally installed to monitor 
the movements of the highway embankment rather than the 
hillside slope. Unfortunately, the entire hillside slope was 
found to be actively moving, on the basis of the slope indicator 
data. This was confirmed by independent observations made 
using two survey lines. However, because a slip plane could 
be readily interpreted from the existing slope indicator data, 
additional slope indicators installed to a much greater depth 
were not used for studying the behavior of the hillside slope. 

EMBANKMENT ANALYSIS 

The stability of the embankment slope was investigated using 
the slope indicator and groundwater level data. With knowl
edge of the location of the slip plane and groundwater con
ditions, a limiting equilibrium analysis was used to find the 
failure mechanism and the residual shear strength along the 
potential failure plane. The results of the analysis are shown 
in Figure 10. By analyzing failure surfaces passing through 
the shear zone indicated by the slope indicator data, the shear 
strength parameters of the residual soil were back-calculated 
as <!>' = 10.5 degrees and c' = 325 psf for the critical surface 
shown in Figure 10. These parameters appear to be in rea
sonable agreement with the laboratory test results. 

In reviewing the available data, it was apparent that the 
buildup of water within the embankment had led to exces-
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FIGURE 7 Slope indicator data for SI-2 and SI-3 at toe of embankment. 
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FIGURE 8 Slope indicator data for SI-4, southbound lane. 

sively high pore water pressures that probably caused the 
failure. Thus, it was important that such high pore water 
pressures be reduced if the slope was to be effectively sta
bilized. The slope was found to have an adequate factor of 
safety (FS) against failure providing that the groundwater 
level could be maintained below the top of the underlying 
sand blanket. However, because the embankment also needed 
to be repaired, an additional increase in the FS of the newly 
constructed slope could be achieved using materials other than 
the displaced, original silty clay fill. 

Two options were considered for repairing the failed 
embankment. The first option considered a granular-fill but
tress at the toe of the existing embankment as shown in Figure 
11. The second option required removal of the upper 20 ft of 
the existing, disturbed silty clay fill and restoration of the 
embankment to the original 2: 1 slope with one of the following 

fill materials (a) sand and gravel, (b) pumice fill , and (c) wood 
fibers (Figure 12). 

Stability calculations were performed for the three options, 
assuming that the groundwater level would be located in the 
sand blanket and strength parameters of ¢' = 10.5 degrees 
and c' = 325 psf for the underlying gravelly clay. The min
imum FS for the buttress was estimated as 1.5. For the repl ace
ment fill alternatives, the following FS values were computed 
as 

Compacted 
<!>' Unit Weight Factor of 

Material (degrees) c' (psf) (pcf) Safe1y 

Sand and gravel 39 0.0 130 1.14 
Pumice 41 0.0 75 1.29 
Wood fibers 37 0.0 55 1.35 
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FIGURE 9 Slope indicator data for SI-6, southbound lane. 

In reviewing the costs of construction, the buttress would 
have required at least 50 percent more material than the other 
alternatives, even though a higher FS would have been obtained 
for stability. However, after monitoring the site for about 12 
months, there were signs that a much larger portion of the 
hillside was moving, perhaps because of a very deep seated 
failure plane . Thus the buttress option was discarded as a 
possible long-term solution in favor of extensive dewatering, 
to stabilize the hillside, and the use of a lightweight fill to 
repair the embankment. The lightweight fill would also have 
minimized the impact of an external load on a potential deep
seated failure surface. 

In comparing the remaining options, the pumice fill was 
found to be the most desirable and could be readily obtained 
from a source 40 mi away. The strength of the compacted 

5465 

5430 

~5395 
Q) 

~ 
UJ 

._ ___ _ 

pumice at 95 percent of modified Proctor compaction was 
estimated as <P' = 41 degrees from direct shear tests. The 
nearest source for the wood-fiber fill was about 60 mi from 
the site. However, the wood fibers would have required pro
tection from water and air to avoid potential spontaneous 
combustion and decay. Also, concerns were expressed about 
the disposal of the slightly toxic and odorous leachate that 
would have drained from the wood-fiber fill. The sand and 
gravel fill would have been marginally cheaper, but the increased 
stability offered by the pumice fill was a deciding factor in 
the selection of the pumice for the restoration of the failed 
embankment. 

Because the weight of pumice fill is considerably less than 
the original weight of the silty clay fill being replaced, the 
embankment was expected to experience negligible settle-
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FIGURE 10 Potential failure surface for 1983 slide. 
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FIGURE 11 Repair of embankment with a granular buttress. 

ments. Such settlements were expected to have occurred 
because of compaction of the pumice fill during construction. 

CONSTRUCTION 

The damaged embankment and northbound lanes were repaired 
between 1983 and 1985; work was done under two separate 
contracts. The initial contract concerned the dewatering of 
the affected embankment in order to prevent any further 
movement or failures. The second contract consisted of repairing 
the embankment and construction of the northbound lanes. 

Horizontal Drains 

The first contract was started in August 1983 and concentrated 
on dewatering the slope and embankment. This consisted of 
installing 42 horizontal drains from 4 separate pads near the 
toe of the embankment, as shown in Figure 13. Drainage was 
provided by slotted PVC pipe, 2 in. in inside diameter, laid 
at an approximate gradient of 5 percent in predrilled borings. 
The lengths of the drains ranged between 125 and 350 ft and 
were arranged to extensively penetrate the failed portion of 
the embankment. These drains were installed at a cost of 
$100,000. 

Initial flows of about 200 gal/min quickly lowered the 
groundwater level approximately 20 ft below the southbound 
lanes to Elevation 5 ,388 ft. With groundwater levels at this 
depressed level, embankment movements were finally arrested 
as shown by the survey line data presented in Figure 14. These 
data clearly show the influence of the horizontal drainage in 
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FIGURE 12 Repair of embankment with replacement fill. 

lowering the groundwater level at Observation Well OW-1 
and the negligible movements measured from the two survey 
lines, SL-1 and SL-3. 

Embankment 

The embankment was repaired in the fall of 1985. The work 
consisted of removing the disturbed silty clay fill from the 
damaged embankment and replacing it with pumice. The slope 
was reconstructed to its original 2H: 1 V angle to match the 
adjacent surviving portions of the embankment. The pumice 
was placed in 8-in. lifts and compacted with a 12-ton single
drum vibratory roller to achieve a minimum 95 percent mod
ified Proctor unit weight of 75 pcf at about 25 to 30 percent 
water content. The exposed slope was covered with a 12-in. 
layer of topsoil. 

A considerable amount of water was exiting the embank
ment through the installed horizontal drains, so a French drain 
was constructed near the toe of the slope. This drain was 
intended to convey the exiting water away from the embank
ment and toward the natural drainage path of Devil Creek, 
about 750 ft to the east. 

PERFORMANCE OF EMBANKMENT 

The repaired embankment has performed satisfactorily since 
its reconstruction. The slope indicators and the groundwater 
observation wells are being monitored regularly. The slope 
indicators near the embankment have showed negligible 

FIGURE 13 Location of 
horizontal drains. 
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movements, and the groundwater levels are currently at their 
lowest since 1983. However, some movement has been detected 
at slope indicators that were placed about 200 ft downslope 
(east) of the embankment. This movement is probably due 
to creep of the surficial soils over the entire hillside. 

The seepage from the horizontal drains has been monitored 
to ensure proper operation. In September 1989, these drains 
were flowing at a rate of about 22 gal/min, which is consid
erably less than the 74 gal/min measured in April 1987 after 
the spring rains. The drains were cleaned and flushed in 1987 
and 1988. 

SUMMARY AND CONCLUSIONS 

An embankment constructed in 1970 suffered a failure after 
two consecutive abnormally wet seasons in 1982 and 1983. 
The failure damaged a 500-ft section of the northbound lanes 
of I-15 near Malad, Idaho. Unfortunately, the 2- to 3-ft-thick 
sand blanket failed to discharge the large quantity of infil
trating groundwater, which resulted in a buildup of pore water 
pressures. In the opinion of the authors, this buildup of pore 
water pressures within the embankment was the primary cause 
of the failure. 

While traffic was diverted over a temporary pavement 
installed in the central median, the slope was stabilized by 
dewatering in 1983 and final repairs were made to the 

embankment in 1985. The total cost for the installation of the 
horizontal drains and reconstruction of the damaged embank
ment was estimated at $770,000. 

For future design and construction of silty clay embank
ments, the sand blanket should be designed as a positive 
drainage layer. This feature may be implemented by including 
slotted pipes within the sand blanket to provide a direct path 
for the flow of infiltrating groundwater. The relatively high 
permeability of the sand blanket cannot be relied on to pre
vent the buildup .of high pore water pressures as encountered 
at the Bud Peck slide near Malad. Such a scheme can be 
specified at the construction stage for only a nominal increase 
in the overall costs . Also, a French drain should be used for 
all sideslope embankments to intercept groundwater flows 
above the embankment, thus limiting the chances of pore 
pressure buildup. 
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